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Designing tunnel linings upon seismic effects

N.N.Fotieva

Department of Materials Mechanics, Tula State University, Russia

N.S.Bulychev
Department of Underground Construction, Tula State University, Russia

ABSTRACT: This paper describes an original approach to the problem of designing tunnel linings
against seismic effects consisting in the determination of most unfavourable lining stress state at dif-
ferent combinations and any directions of long longitudinal and shear waves propagating in the plane of
the tunnel cross-section. The analytical methods based on that approach are developed for designing
tunnel linings of arbitrary cross-sectional shape, including the linings constructed with the application
of rock grouting, circular linings including the multi-layer ones of mutually influencing parallel tunnels.
The proposed method is illustrated by examples of calculations,

1 INTRODUCTION

In the design and construction of underground  of parallel mutually influencing circular tunnels
structures in seismic regions, it is necessary to  including the determination of minimal safe dis-
take into account that those structures may be  tances between them [Fotieva, Kozlov 1992]. The
subjected to earthquakes effects besides usual ~ approach will be illustrated in application to de-
static loads. Those earthquakes effects consist of ~ Signing tunnel linings of a non-circular cross-
spreading long seismic longitudinal (compressive-  Scction shape.

tensile) and shear waves in the rock mass, the
combinations and directions of which are un-
known in advance respectively to the under-
ground structure.

That is why an original approach to the problem
of designing tunnel linings for earthquake effects
has been developed at Tula State University : :
(Fotieva, 1980). According to that approach, the lems are apal){sed, the design schemes of which
design includes determining the most unfavour-  &I¢ shown in Figure I a, b. ) )
able lining stress state at any combinations and Here the infinite medium simulating the rock
directions of long longitudinal and shear waves  mass is characterised by the deformation modulus
propagating in the plane of the tunnel cross-sec- £, and the Poisson ratio v,. The external ring
tion. The above approach and the basic principles  Jayer of  thickness A,, which has the deforma-
of designing tunnel linings upon seismic effects tion modulus E, and Poi " mulat
have been included in the standard [Instruction 2 an osson ratio 'V Stmuiates
1983] and widely applied in projects of transport the rock zone strengthened by grouting. The in-
and power-stations tunnels. On that base using  ternal ring layer of thickness A, with character-
different design schemes the analytical methods  istics E, and v, simulates the tunnel lining.
and corresponding computer programs have been '
created for designing tunnel linings of an arbi-
trary cross-sectional shape constructed with the
application of grouting (Klimov 1993), linings ) ; - )
flgupm sprayed cogncrete %Fg)tieva, Bulych)cv 1996%, onthe L; (7=1, 2) contact lines. The Z; in-
monolithic and multi-layer linings of the complex  ternal outline is free from loads.

2 METHOD OF DESIGN

With the aim of determining the tunnel lining
stress state caused by seismic effects two dimen-
sional elasticity theory quasi-static contact prob-

The ring layers and the medium undergo de-
formation together, that is the conditions of con-
tinuity of stresses and displacements are fulfilled
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Figure 1. Schemes for designing tunnel lining upon the action of a long arbitrary directed longitudinal

wave (&) and shear wave (b).

In the first problem ( Figure 1, a ) the medium
is subjected in the far field to a double-axis com-
pression with non-equal components oriented at
an arbitrary angle o simulating the action of long
arbitrary directed longitudinal wave in the com-
pression phase. The stresses in the far field are
expressed as follows:

Vi

1
P::—A;'FC"CT, €= (1
e 1Yalp, S 1 )

_VI

where A is the coefficient corresponding to the
carthquake intensity, /; is the coefficient taking
into account admissible damages, y is the rock
unit weight, ¢ is the speed of longitudinal waves,
T, is the prevailing period of the rock particles
oscillations.

In the second problem ( Figure 1, b ) the
medium is subjected to a pure shear in the far
field simulating the action of long arbitrary di-
rected shear wave, Here

1
S =— Akyye, Ty, (2)
21

where ¢, is the speed of shear waves.

From the solution of the first problem
(F)

(Fig. l,a)the © stresses ( here the o
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symbol signifies all components of stress tensor ),
which appear in the lining due to the action of a
long longitudinal wave falling at an « arbitrary
angle, are determined; from the solution of the

second problem ( Fig. 1, b ) the G(S)
produced by a shear wave, are obtained.
Further, the sum and difference of analyticalal

expressions for UE,P) and G‘(}S) normal tangen-
tial stresses, which characterise the lining stress
state caused by mutual actions of longitudinal
and shear waves passing simultaneously ( the
worst case ) are investigated in every point of the
internal outline I, on the extreme relatively the
angle o. With this aim the following equations
are solved

stresses,

B
E[cg") +091=0 (3)

and for every point such a combination of waves
and such an angle of their falling at which normal
tangential stresses in the points considered are
maximal by their absolute are determined. It al-
lows the envelope diagram of normal tangential
stresses on the I, internal outline to by ob-
tained analytically.

The stresses upon the external L, outline, the
N longitudinal forces and the M bending mo-
ments in every lining normal section are deter-



mined at such a combination and such a direction
of waves at which the o, normal tangential

stress in that section has a maximal absolute
value.

The stresscs and forces obtained that way are
assumed to have the signs “plus” and “minus”
and summed up with stresses and forces appear-
ing due to other acting loads in their most unfa-
vourable combinations. After that a sections
strength test upon compression and tension is
made.

If the lining is not anchored to the massif and
is designed with an allowance of fissure forming
we assume that the tensile normal loads are not
transferred upon the lining. In this case the action
of the longitudinal waves in the tension phase Is
not to be taken into account and the design is
made on the base of two different envelope dia-
grams of normal tangential stresses, obtained us-
ing the maximal absolute values of the compres-
sive (negative) stresses and tensile (positive) ones,
called forth by mutual actions of shear waves and
longitudinal waves in the compression phase.
plane contact problems ( Fig. 1, a, b ) have been

The analytical solutions of the elasticity theory

Figure 2. The results of the tunnel lining design.
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obtained by Klimov (1991) with the application
of the complex variable analytic functions theory
and apparatus of complex series.

3 EXAMPLES OF DESIGN
3.1 Design of railway tunnel

Results of designing the railway tunnel are given
in Figure 2. The shape and sizes of the lining
cross-section are shown in Figure 3.

Calculations were made at the following input
data:

Ay=4dm, A,=04m, E; =1000 MPaq,
Vi =0‘3, EZ =1800 MPG, Vs :0.3,

E4 =23000 MPa,
vy =02, y=23kN /m>, 4=04,

ke, =025, Ty =05s.

The lining is designed with the allowance of
fissures.




The distributions of maximal compressive and
tensile oé” normal tangential stresses on the
internal outline of the lining cross-section, corre-
sponding them Gsx normal tangential stresses

on the external outline, the N longitudinal
forces and the M bending moments are shown

in Figure 2 by solid and dotted lines correspond-
ingly.

Figure 3. The lining cross-section.

For the comparison values of the same stresses
and forces obtained in the case when the grouted
soil zone is absent are given in brackets.

3.2 Design of vertical turbine shafts of a power-
Station

The linings from concrete with internal steel layer
of six parallel vertical turbine pressure shafts of
the Rogun power-station in Tadjikistan ( the ex-
ternal radii of tunnels are 3.93 m, the distances
between their centres are 26.3 m) have been de-
signed with the application of the method by
Fotieva, Kozlov (1992) mentioned above.

The design scheme of that method is a linearly
deformable medium weakened by an arbitrary
number of arbitrary located circular holes of dif-
ferent radii supported by multi-layer rings ful-
filled from different materials. The medium is
loaded on the infinity by the same stresses as in
Figure 1 and two the same problems of the elas-
ticity theory are considered. The most unfavour-
able stress state of the linings is determined by
solving the equations similar to the (3) obtained
for internal outlines of the every layer of the every
lining.

The design of six parallel vertical shafts of the
Rogun power station has been fulfilled taking
into account the actions of the water internal
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head, the rock’s own weight and the Earthquake
effects.

The general input data are the following: thick-
ness of the concrete layers is 0.4 m; thickness of
the steel layers is 0.03 m ( internal radii of the
steel layers are 3.5 m); the concrete deformation
modulus and the Poisson’s ratio are correspond-
ingly E, = 24000 MPa, v, =0.15; the steel de-
formation modulus and the Poisson’s ratio are
correspondingly E5 = 200000 MPa, v4 =0.3;
the rock unit weight is ¥ =25.5 kN/m3 ; the lat-

eral pressure coefficient in an intact rock mass is
A = 1; the internal water pressure is p=2.5 MPa;
the coefficient corresponding to the Earthquake
intensity is 4 = 0.4; the coefficient taking into
account the admissible damages is K; = 0.25; the
prevailing period of the rock particles oscillation
is To=10.5s.

The calculations have been fulfilled for two kinds
of the rocks with different E; deformation mod-

stresses GEO) in

ules, v Poisson’s ratios, initial
the intact rock mass and ¢, values of the long

elastic waves velocity. Those characteristics are
given in the Table 1.

Table 1. The variants of the input data

Parameters Variants
| 11
E,, MPa 30000 36000
vy 0.3 0.33
Gg}), MPa 14.0 17.0
¢, mfs 4250 4600
Distributions of the G4 normal tangential

stresses in the lining layers obtained as the results
of calculations at the loads mentioned above are
shown in Figures 4,4,b,c, and 5,a,b,c for both
variants of the input data correspondingly ( in
Figures 4,c and 5,c the maximal compressive
(negative) and tensile (positive) normal tangential
stresses at different combinations of the mutually
acting longitudinal and shear waves of any direc-
tions in the plane of the tunnels cross-section are
given). Taking into account the symmetry the
results are represented for three left tunnels; the
stresses in the steel and concrete layers are shown
in the upper and lower parts of figures corre-
spondingly.



As follows from the results obtained for both
variants the tensile Gy stresses in the concrete

fayers surpass the designed concrete strength on
the tension R, = 0.75 MPa (Fig. 4,a and 5,a).
That is why additional calculations have been
fulfilled at the value of the E> concrete deforma-
tion modulus decreased up to E» = 11600 MPa
taking into account the possible crack formation.
Besides that taking into account that stresses ap-
pearing in stecl layers are small their thickness
has been decreased up to 0.02 m.

steel layer
23.9fi‘24 2
—

Figure 4. The &y normal tangential stresses in

the steel and concrete linings layers at the action
of the internal water head (a), the rocks own
weight (b) and the Earthquake effects (c) obtained
for the first variant of the input data.

For additional control the calculations have been
fulfilled at the steel layers thickness A; =0.02 m

and a still lower value Er = 7000 MPa of the con-
crete deformation modulus. Those calculations
also confirmed the possibility of the steel layer
thickness to be decreased.

So, with the aid of calculations fulfilled it was
be shown that the bearing capacity of the lining of
the vertical turbine pressure shafts of the Rogun
power-station is being secured at the steel layers

thickness of A, = 0.02m.
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In general the experience of applying the meth-
ods developed shows that those methods may be
useful and effective at designing tunnel linings in
seismic regions.

steel layer
19.8

20.0

Figure 5. The oy normal tangential stresses in

the steel and concrete linings layers at the action
of the internal water head (a), the rocks own
weight (b) and the Earthquake effects (c) obtained
for the second variant of the input data.

REFERENCES

Fotieva, N.N. 1980. Design of underground
structures support in seismically active regions.
Moscow: Nedra.

Fotieva, N.N. & A.N. Kozlov 1992. Designing
linings of parallel openings in seismic regions..
Moscow: Nedra.

Instruction to designing mining workings and
linings calculation . 1983. Moscow: Stroyizdat.

Klimov, Y.I. 1991. Designing tunnel linings
undergoing seismic effects with rock grouting
to be taken into account. Underground
Structures Mechanics, Tula, Russia.

Muskhelishvili, N.I. 1966. Some basic problems
of mathematical elasticity theory. Moscow:
Nauka.



This Page Intentionally Left Blank



Earthquake Geotechnical Engineering, Séco e Pinto (ed.) ® 1999 Balkema, Rotterdam, ISBN 90 5809 116 3

Dynamic behaviour of a foundation-soil-artificial block system

Thomas Siemer
Ingenieurgesellschaft fiir Bautechnik mbH, Berlin, Germany

ABSTRACT: The centrifuge model technique proves to be an attractive method to investigate dynamic geo-
technical problems with real prototype full-scale behaviour subjected to identical stress conditions in the model
as in nature. The dynamic response of a transient loaded foundation located at the sand surface with an artifi-
cial block in the soil beneath is investigated in a number of centrifuge model tests. The experiments are carried
out in a specially designed container with wave energy absorbing walls.

From the results of the experimental investigations it is found, that the response of the foundation is a function
of the built-in depth of the artificial block. The investigations show further that the response of the foundation
such as the spectral density and the resonance frequency increases with decreasing built-in depth of the artifi-
cial block.

The result of a field investigation is analyzed to verify the conclusions which are derived from the centrifuge
model investigations,

1 INTRODUCTION acts besides the earth gravity "g" a radial acceleration

The excitation of buildings due to soil vibrations is  fich can be expressed as a multiple of the earth

occuring more frequently today and is getting more gravity "ng" (Equ. 1):

attention in engineer planning processes and design neg=co’sr (1)
methods. Some examples are machine foundations
and vibration and drop-hammers which act as vibra-
tion sources inducing dynamic forces in the soil. The
resulting waves transport the energy from the load
source, €. g. a foundation, and cause soil vibrations.
If the waves reach a neighbouring foundation this
foundation is passively excited.

An active vibration control method to reduce
foundation oscillations planes to build an artificial
block in the soil beneath the loaded foundation (Sie-
mer and Jessberger 1994, Schmid et al. 1991). The
authors show the effect of an artificial block beneath
a loaded foundation as a wave screening element
towards a neighbouring foundation.

In this work, the dynamic response of the founda-
tion above the artificial block is experimentally inve-
stigated in a number of centrifuge model tests.

1f the model container is placed in a swinging basket
(Figure 1) the surface of the model swings up in the
direction of the resultant acceleration field. The "1g"
component, 90° to the "ng" acceleration field, can be
neglected.

2 CENTRIFUGE MODEL TECHNIQUE

On a model which moves on a circular orbit with the
radius "r" and the angular velocity "o" (Figure 1)  Figure 1. Principle of the centrifuge model technique
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So the resultant acceleration can be set to "ng". If "n"
is chosen to be the scaling factor of the model all
mass forces of the model are increased "n" times.

That means the same stress condition for both
model and prototype. As the stress-strain relationship
of the soil is non-linear its dynamic stiffness increases
also non-linear with depth. It is important for any
study of soil structure interaction to consider the
same stiffness in the model and in the prototype (full
scale) at simular positions because the dynamic stiff-
ness of the subsoil has a significant influence towards
the propagation of waves.

In a centrifuge model test the stress-strain beha-
viour of the model and the prototype is identical.

Therefore this test method is able to model wave
propagation and soil structure interaction to study
the dynamic response of a transient loaded foundati-
on located at the sand surface with an artificial block
in the soil beneath.

Forces, displacements, accelerations, frequency
etc. can be directly calculated from model to proto-
type scale using the scaling factors. Some of these
scaling factors are summarized in Table 1.

Table 1: Scaling factors

Parameter Prototype Model
" 1 . g“ !!n .g“
Length 1 1/n
Area 1 1/n?
Volume 1 1/n’
Stress 1 1
Strain 1 1
Shear modulus 1 1
Acceleration 1 n
Frequency 1 _.n
Time (dyn.) 1 1/n
Energy 1 1/n’*

3 CENTRIFUGE MODEL TESTS
3.1 Test facilities

The dynamic experiments are all performed at the
centrifuge centre of the Institute for Soil Mechanics
and Foundation Engineering, Ruhr-University Bo-
chum, Germany, in a circular container as shown in
Figure 2.

The steel container has a diameter of 1000 mm. A
putty like damping material is applied to its wall and
bottom to absorb most of the reflected wave energy.

The dry model sand is pluviated through a fine
sieve by hand in the container, resulting in a density
index Dg= 97 % on average.
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The loading system is a falling-weight. This fal-
ling-weight was developed by the author. A detailed
description of the falling-weight is given in Siemer
(1996).

In the tests presented in this paper a stiff founda-
tion at the soil surface with different ground areas (A
and B) which represents a machine foundation in
prototype scale is used.

The foundations are loaded transient by the fal-
ling-weight which represents a forge-hammer in
prototype scale. The falling-height of the falling-
weight and the frequency content of the load signals
are continually controlled in order to introduce al-
ways the same dynamic forces into the foundation in
the different tests.

An artificial block is located beneath the foundati-
on in the soil in different depths (hg = 0.3 m, hg = 0.6
m and hg = 1.5 m). The artificial block represents a
concrete block in prototype scale.

The dimensions of the test foundations, the artifi-
cial block and the falling-weight are presented in Ta-
ble 2.

Table 2: Dimensions of foundations, artificial block
and falling-weight

Object Dimension Prototype
i ——— - sca]e
Foundation A Length [m] 1.80
Width [m] 1.80
Hight [m] 1.32
Mass [kg] 11624
Foundation B Length [m] 2.40
Width [m] 2.40
Hight [m] 0.75
Mass [kg] 11583
Artificial block Length [m] 10.80
Width [m] 10.80
Hight [m] 1.50
Mass [kg] 477900
Falling-weight Mass [kg] 1134
Falling-height [m]
min / max 0/1.80
Energy [Nm]
min / max 0 /667

The vertical component of the foundation vibrati-
on is measured by three accelerometers of type Bruel
& Kjaer 4393 with very light weight and a resonance
frequency of 55 kHz. The accelerometers and the
foundation are coupled together with small threads.
A plan view and a cross section is given in Figure 3.

The vertical component of the artificial block vi-
bration is measured by five accelerometers of type
Bruel & Kjaer 4393, The horizontal component of



the artificial block vibration is measured by four ac-
celerometers of type Bruel & Kjaer 4393.

One accelerometer type Bruel & Kjaer 4374 is
placed in the falling-weight for measuring a reference
signal of the load input. This reference signal is ana-
lysed with the help of an oscilloscope.

The experiments are all run at a g-level of the
centrifuge of n=30.

A sketch of the measurement system is given in
Figure 4.
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Figure 2. Plan view and cross section of the model
container

Cross section B-B

Accelerometers
type B&K 4393

Plan_view A-A

L]

Figure 3. Plan view and cross section of foundation

vibration tests
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3.2 Test results

The results of centrifuge model tests towards the
dynamic transmitting behaviour of rigid foundations
at the soil surface in interaction with a horizontal
artificial block in the soil beneath the foundation are
presented.

In Figure 5 the spectral density of the foundation
response of foundation B due to vertical load is
shown for the situation without artificial block (tests
wp6 and wp9, straight line) and with an artificial
block in different depths (dotted lines). The results of
the different experiments corresponding to the depth
of the artificial block ,,hg" are shown in Figure 5. The
frequency ,,f is plotted against the abscissa and the
amount of the spectral density ,|GVV(®)| is plotted
against the ordinate.

The influence of the artificial block in view of a
shift in the resonance frequency and in different
amounts of the spectral density of the foundation
response is investigated. This kind of investigation is
suitable with respect to the load input signals of the
different experiments which are very similar in the
frequency domain (frequency content and spectral

The lower the depth of the artificial block, the
bigger the value for the resonance frequency of the
foundation.

The amounts of the spectral density show the sa-
me dependency (see Table 3).

The frequency domain with smaller foundation re-
:sponses for the situation with artificial block compa-
ired to the situation without artificial block is inte-
iresting. The bigger the resonance frequency for the
isituation with artificial block is, the bigger is this
‘frequency domain.

Above the resonance frequency the amounts of
the spectral density decrease quickly. The foundation
responses are similar with the exception of the depth
of the artificial block of hg = 0.30 m. Small depths of
‘the artificial block cause a deviation in the transfer
behaviour in comparison to a one mass swinging
system.

Table 3. Resonance frequency fyzvy and spectral
density |Gy¥(w)| with corresponding depths of the
artificial block hg

density). Test he (m] _fozv [Hz] [Gyy(o)| [m/s].
The test results of the resonance frequency and wp6 (B) without 22.8 1626
the spectral density corresponding to the different wp7(B) 0.3 42.4 6.165
dephts of the artificial block are shown in Table 3. wp21 (B) 0.60 39.1 4.924
If the artificial block is built in the soil beneath the wp22(B) 150 29.4 3.948
foundation ,B“ the resonance frequency shifts in re- wp9 (A) _ without 19.6 3.042
lation to the depth of the artificial block. wpl0(A) 030 391-424 6.381
wpl9 (A)  1.50 22.8 4.456
7 I I _— T T
6 ,| N WpTREE 030 i
. s wp21-hE = 0.60 m .‘ \ |
% wp2p-hE=1.50 m N \ |
.g. 4 — 1 L = — et ¥ - J I I
1
— " N '
2 3 —wpewihout ,’ by T ‘
G | arifoiibook | o |y % | d |J L
- r 1 ' R = .|
\ ' ’ ~
1 ~F %‘ : o g ! S .
0 o S A s i
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f [Hz]

Figure 5. Spectral density of the foundation response
(B) with different depths hg of the artificial block
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The measurements of the vertical and horizontal
vibration components of the artificial block show its
definite response in the resonance frequency of the
foundation above. The vertical component is 50
times smaller and the horizontal component is 120
times smaller than the response of the foundation.

The experiments with foundation ,,A” differ from
the experiments with foundation ,B* towards the
ground area. Foundation ,B“ has a ground area of
24 m * 2.4 m which corresponds to a radius 1, =
V[(Isb)/n] = 1.35 m. Foundation , A* has a ground
area of 1.8 m * 1.8 m which corresponds to a radius
ro=1.02 m,

The different depths of the artificial block beneath
the foundation ,,A” in these experiments are the same
as chosen in the experiments with foundation , B,

The results of the resonance frequencies and the
spectral densities can be taken from Table 3.

The results show the same tendency towards the
shift of the resonance frequency and the spectral den-
sity in dependency on the depth of the artificial block.

The resonance frequency shows smaller values for
the situation with foundation ,A“ (tests wplO and
wp19) in comparison with foundation ,B“ (tests wp7
and wp22). The graphs for the spectral density show
a similar tendency.

Figure 7 shows the dimensionless values of the re-
sonance frequency of the foundation response B
the foundation response ,,A“ and the foundation re-
sponse of a field test.

The results of the different experiments with foun-

dation ,,A" and foundation ,B* and respectively with
the field test can be found in Figure 6.

The dimensionless value of the depth of the artifi-
cial block ,hz / Ag* is plotted against the abscissa and
the dimensionless value of the resonance frequency
oowith / fomimou™ 18 plotted against the ordinate. | hg“ is
the depth of the artificial block beneath the founda-
trion, ,,Ar" is the wave length of the Rayleigh wave
with Ag = 11 m, ,fiwn" is the resonance frequency
for the situation with and ,,fo wimew™* is the resonance
frequency for the situation without artificial block.

A connection between resonance behaviour of the
foundation and depth of the artificial block can be
derived from the test results. This connection shows
the straight line in Figure 7. The graph (dotted line)
is extrapolated for values  hg / Ag"” greater than 0.15,

The test results with regard to foundation ,A* and
foundation ,,B* from centrifuge model tests are simi-
lar.

From there the dependency on the foundation
ground area towards the diminsionless resonance
frequency is assumed to be small.

The result of a field test in Berlin, Germany, is al-
so shown in Figure 7. These field tests work with
similar boundary conditions as found in the centrifu-
ge model tests.

The dimensions of the foundation and the artificial
block can be taken from Table 4. The depth of the
artificial block is 1.0 m beneath the foundation.

The soil between the foundation and the artificial
block is dry sand.

S
I Jo  wptonE=q3om |
" | R - . 1 | |
wpli9-hE = 1.50 m g
NOg ™~ | _l '
& f ' — IS E—
-92 LY | [ ' - u I
E 4 wpO-without ! ¢, . ' / \I . |
™ I ri hY
= artificial block l._t: ' {1 ‘I . | R Lt
P il F
;3/ 3 \ . - 7 |‘ : p : - = ] < _r _d_T
(%: ! /L \ P ! ' ' t -
et 2 3 I " . F i
T vy ! | ‘
1 2 Tl - .;'ﬁ".‘: =
” IJ'I “R.__-. i I = -
U - |
0 20 40 60 80 100
f [Hz]

Figure 6. Spectral density of the foundation response

(A) with different depths hg of the artificial block
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These field tests are also designed by the author.
Some more details and test results can be taken from
Forchap et al. (1994).

The result of the test result occures as a dot in Fi-
gure 7. The test result shows the same dependency
on the diminsionless resonance frequency from the
diminsionless depth of the artificial block.

Table 4: Field test - Dimensions of the foundation
and the artificial block

Object Dimension Field test

Foundation Length [m] 1.00
Width [m] 1.00
Hight [m] 0.50
Mass [kg] 12.500

Artificial block Length [m] 5.00
Width [m] 5.00
Hight [m] 0.60
Mass [kg] 375.000

4 CONCLUSIONS

The following conclusions can be derived from the
results of the centrifuge model tests:

o An artificial block beneath a foundation has a
significant influence on the dynamic response of
the foundation

e The resonance frequency of a foundation shifis in
dependency on the depth of an artificial block be-
neath the foundation,

e The addition of an artificial block leads to an in-
creasing of stiffness of the foundation-soil sy-

o If hg / Ag" is equal to 1.0, the influence of the
artificial block is insignificant.

e The dependency on the foundation ground area
towards the diminsionless resonance frequency is
assumed to be small.

e The results from field tests confirm the reults
from centrifuge model tests.
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ABSTRACT: The objective of the paper is to propose a simple numerical deterministic approach to analyze
the stochastic response and dynamic reliability of underground structures under the action of stationary and
non-stationary random seismic action. The method is based on general purpose FEM software for structure
analysis where a numerically equivalent unit impulse function is used as the input of seismic load. After the
impulse response function of the structure is obtained, the transfer relationship between the random excitation
and response of the structure is adopted to calculate the mean square response and the peak response. On the
basis of the proposed approach, the random seismic response of a tunnel is analyzed and a parametric study is
presented. Both stationary and non-stationary responses are obtained and compared with each other. It is
shown from the results that the stationary responses will under-estimate the dynamic reliability of the

structure,

1 INTRODUCTION

The response behavior of underground structure to
deterministic seismic loading had been investigated
by a number of researchers (Akl et al 1989,
Brancaleoni et al 1989, Kim et al 1993, Liao 1991,
Pan et al 1987, Rowe 1992, Shao 1990, St John et al
1987, Sunil et al 1991, Takemmiya et al 1984).
However, few of them took account of the random
properties of the seismic excitation. Since the
complicity in the behavior of fault and the travelling
path of seismic wave, the seismic loading acting on
structure should be considered as a random field or a
random process. Therefore, it is necessary to deal
with the seismic response of underground structure
by the method of random vibration, and the soil-
structure interaction should also be considered.

Lin proposed a virtual-excitation method to
analyze the random response of structures by general
purpose FEM software for structure analysis (Lin
1985, 1993, 1995).

The objective of this paper is to propose an
alternative approach in which the impulse response
functions of underground structure are calculated on
the basis of & function, using general purpose FEM
software for structure analysis, and to investigate the
peak response behavior of tunnels in various
conditions.
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2 FORMULATIONS

2.1 Calculation of impulse functions

The unit impulse function &(t) should satisfy the
following condition:

b
j5(x~xo)dx={0’ x, € (a,b) W
; I, x, € (a,b)

Under the action of &%), the response of a
structure system is called impulse response function
h(t).

To obtained h(7) through numerical analysis
software, we can use a discrete series of &%) as
following

1
=d— 000, 2
(1) {m :0,0.0,-----} )

as the excitation of the structure system, in which
At is the time step in the dynamic analysis. It can be
proved that the discrete Fourier Transform of
Equation (2) is consistent to theoretical value of &1).
This discrete series can be used as the input of FEM
software to obtain the impulse response function at
any point of a underground structure.

2.2 Stochastic Response of Structures

Considering the seismic excitation as an non-



stationary Gaussian process expressed by the
following Fourier-Stieltjes integration:

MO TA(r,m)e"'“ dF, (®) (3)

where, Aty is a deterministic function of 7 and
@. If the power spectrum of the stationary process
X is Py (@), The instant power spectrum of the
non-stationary process ¥(¢) is:

Dy (1,0) =|A(1,0) (@) )

In seismic analysis of structure, a special form
of Equation (3), Y(f)=w()X (), is usually used to
model a seismic excitation, where X{(7) is a stationary
Gaussian process with mean value of zero, and w(¥)
is a deterministic envelope function.

It is well known that the response of a linear
time independent system to the excitation presented
by Equation (3) is still a non-stationary Gaussian
process with zero mean value. If the impulse
response function of the system is A(#), then the
response of the system can be written as following:

u(t) = TM(r,m)e"""de (@) (5)

—e

where,
t
M(t,») = jh(:—f)A(r,m)e”"“-”dr (6)

The power spectrum of the response is
O, @0=MEo) Oy@) ()
and the mean square of the response is
ol)= [@,(@ndo (8)
The spectrum moment of the response can be
written as:

= Tmfcbw (0,1)dew (9

where, A, is the spectrum moment of the ith order.
The shape factor of the power spectrum is
2

ol)= -0

' %0n0
Assuming the passage of the response process
to a given level as a Poisson process, we can obtain
the probability in which the response is within the

limit of (-b,b) as fo]lowmg

b(b,—b):exp{ _[m;,_ r)exp 2 ()]dr} (11)

An moditled
assumption is

(10)

expression with Malkov

P(b, - b) = exp[~ [ae)d] (12)

o(r)=V2,0) (13)
0]

X040
r*(t)
> ]
If the non-stationary behavior can be ignored,

the following simplified formulation for the
stationary response can be obtained:

where,

—exp[

alt)= ‘”2(‘ exp[- 2(’} (15)

1—-e p[_

- Tw"cbw (w)do (16)
LA
g =, vy a7

In this case, we can obtain the peak response
factor under a given probability of non-exceedence.
For Poisson distribution,

72 = 2In[——1In p] (18)
Tw,
whereas under the assumption of Malkov

distribution, we can obtain the following modified
cxprcsmon

¥ —21n{2n[1—exp( q" ?rln(Z;r)]] (19
where, r is the peak response factor. T is the
duration of earthquake; p is the probability of non-

exceedence.
A
o, = )}j (20)

w,T @1
2 lnp
The peak response of the structure can be
obtained by the following expression:
R, =roc (22)

i

where, o is the root of the mean square of
response.

Using the formulation given above, the
stationary and non-stationary response of an
underground structure can be calculated.

3 NUMERICAL EXAMPLE AND PARAMETER
STUDY
3.1 Finite Element Model and Parameters

The seismic damage shows that the shape, size and
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thickness of the lining of a underground structure,
the mechanical behavior of the lining and the
surrounding medium, the embedment of the
structure and the thickness of the deposit between
the structure and the bedrock are the main factors
affecting the stability of the underground structure.
To consider the influence of these factors five cases
is compared in this paper. The finite element model
of the structure and the surrounding soil is shown in
Fig. 1. The parameters of the five cases are shown in
Table 1. The mechanical parameters of the lining
structure and the surrounding soil are shown in
Table 2. The seismic wave is assumed to be
propagate vertically with maximum acceleration of
0.32g.

Table | Qutlines of the five cases

Soil  Lining Embedment Deposit
Case type thickness (m) ’ thicknﬁss
(m) (m)
1 Typel 0.5 40 40
2 Typel 0.5 40 20
3 Type2 0.5 40 40
4 Typel 0.5 20 40
5 Typel 0.7 40 40
Notes:

Distance between the ground surface and the top of
the underground structure

Distance between the Bottom of the structure and the
surface of the bedrock

Table 2 Parameters of lining and soil

E(kPa) pkg/m’) u £
Typel 4.17x10° 1900 035 0.08
Type2 3.0X10° 1900 035 0.08
Lining 2.7x1¢" 2500 02  0.02
N L1
R g8
R““HL\\ el
R T T
_.--"’""‘rr’r—’-—f ';"I S HHH‘H‘H‘"“ﬂ
/ '\\ —
£ X

Fig. 1 Finite Element Model

3.2 Random Model for the Seismic Excitation

A model following Kanai (Kanai 1957) and Tajimi
(Tajimi 1960) is adopted as the stationary power
spectrum of the seismic acceleration:

e}
1+4§;m—2 45 0—2
D, = 8 (13 :gz J (23)
@ T +
A-25)+4£2 2 ™ g
£ 4

where, o, is the natural frequency of the site, &, is
the damping ratio, o, is the mean square root of the
acceleration (Wang et al 1997). The parameters in
calculation is shown in Table 3.

Table 3 Parameters of the ground acceleration
W ék On
16.5 0.8 1.0825

The envelope function for the non-stationary
model is shown in Fig.2 (Cao et al 1998).

0.8
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Fig.2 Envelope function for the seismic wave
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Fig.3 Impulse response of moment at top of lining

120 ——
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e— i

90 —

non-stationary response

0 s 0 15 2
Fig.4 Mean square root of moment at top of lining

3.3 Results

The impulse response functions of moment at the
spandrel of the lining for case 1 is shown in Fig.3. The
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corresponding stationary and non-stationary mean
square root of the moment response are given in
Fig.4, where the horizontal lines are the stationary
response which are independent to time.

It can be find in Fig.3 and Fig4 that the
stationary response of moments are larger than the
corresponding non-stationary responses. Therefore,

Table 4 Stationary mean square roots for all the cases

the reliability of the structure will be under estimated
considerably if only the stationary response is
considered.

To compare the influence of various factors on
the response character of the structure, the mean
square root of the response for all the five cases
mentioned above are listed in Table 4.

Case | Case 2 Case 3 Case 4 Case 5
Location  Axjal Moment Axial Moment Axial Moment Axial Moment Axial Moment
force force force force force
((N) (kN-m) (kN) (kN-m) (kN) (kKN-m) (kN) (kN-m) (kN) (kN-m)
i 45 45 47 45 43 43 33 34 51 60
2" 293 38 309 27 288 37 218 29 349 48
3™ 19 313 39 330 14 310 10 225 18 463
4" 134 305 125 323 131 304 101 213 151 449
57 490 76 515 88 471 85 329 44 542 151
6" 89 101 94 102 85 104 57 70 99 153
Notes:

_: The center of the bottom plate of the lining
The lower corner of the lining
" The middle of the side wall of the lining

It can be find from Table 4 that (compared with
case 1):

(1) Decrease in the thickness of the deposit
between the underground structure and the bedrock
(case 2) will increase the maximum mean square
response;

{2} Decrease in the stiffness of the surrounding
soil (case 3) will decrease the maximum mean
square response;

{3) Decrease the embedment of the
underground structure (case 4) will decrease the
maximum mean square response;

(4) Increase the stiffness of the underground

Table 5 Peak response for case 1

ain

The foot of the arch of the lining
The vault of the lining
The spandrel of the lining

Pty

U

structure lining (case 5) will increase the maximum
mean square response.

It can also be find that the maximum mean

square axial force produced in the lining of the
underground structure arises at the vault of the lining,
whereas the maximum mean square moment arises
in the side wall of the lining.
To further compare the random response behavior of
the underground structure, Table 5 to Table 9 show
the peak responses of axial forces and the moments
for all the five cases, at the reliability of 95% for
Poisson and Malkov distributions.

Stationary response

Non-stationary response

Locatio  Poisson distribution Malkov distribution Poisson distribution Malkov distribution
n Axial force Moment Axial force Moment Axial force Moment Axial force Moment
(kN) (kN-m) (kN) (kN-m) (kN) (kN-m) (kN) (kN-m)
1" 162 165 159 161 66 68 62 63
2" 1063 140 1040 136 433 57 398 53
3™ 69 1138 68 1113 31 465 29 428
47 486 1112 475 1090 199 456 182 422
5 1785 278 1751 274 734 115 679 107
6 325 368 317 360 134 151 124 140

Notes: Same as in Table 4.
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Table 6 Peak response for case 2

Stationary response Non-stationary response
Location  Poisson distribution Malkov distribution Poisson distribution Malkov distribution
Axial force Moment Axial force Moment Axial force Moment Axial force Moment
(kN) (kN-m) (kN) (kN-m) (kN) (kN-m) (kN) (kN-m)

1 173 166 168 162 74 71 66 65
2" 1138 101 1104 98 454 43 416 40
3" 143 1212 141 1177 62 510 59 465
4" 459 1190 446 1154 643 501 179 457
5 1894 323 1838 314 798 137 728 125
6" 345 376 336 366 99 159 134 146

Motes: Same as in Table 4.

Table 7 Peak response for case 3

Stationary response Non-stationary response
Location  Poisson distribution Malkov distribution Poisson distribution Malkov distribution
Axial force Moment Axial force Moment Axial force Moment Axial force Moment
(kN) (kN-m) (kN) (kN-m) (kN) (kN-m) (kN) (kN-m)

1 154 156 150 152 60 62 56 57
2" 1032 132 1010 129 407 53 273 49
3™ 53 1136 53 1111 24 448 22 413
4 471 1108 460 1087 187 441 172 407

5T 1695 305 1662 299 675 122 622 113
6 308 375 301 367 122 149 113 137

Notes: Same as in Table 4.

Table 8 Peak response for case 4

Stationary response Non-stationary response
Location  Poisson distribution Malkov distribution Poisson distribution Malkow distribution
Axial force Moment Axial force Moment Axial force Moment Axial force Moment

&N) (KN-m) (KN) (kN-m) (KN) (KN-m) (kN) (kN-m)

1 123 127 121 124 53 54 50 52
2" 810 108 795 106 348 47 325 43
3™ 37 836 37 823 18 365 16 337
47" 375 794 368 782 162 345 151 326

57 1229 165 1210 163 529 7 501 69
6 214 260 212 256 94 113 88 106

Motes: Same as in Table 4.

Table 9 Peak response for case 5

Stationary response Non-stationary response
Location  Poisson distribution Malkov distribution Poisson distribution Malkov distribution
Axial force Moment Axial force Moment Axial force Moment Axial force Moment
(kKN) (kN-m) (KN) (kN-m) (kN) (kN-m) (KN) (kN-m)

1 183 220 179 214 75 90 69 82
2" 1266 176 1238 172 516 7 475 66
3™ 67 1684 66 1642 28 687 25 629
4 551 1633 539 1579 225 669 207 619

st 1972 550 1931 539 809 226 745 210
6" 360 555 353 543 147 228 137 209

Motes: Same as in Table 4.
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It can be find from Table 5 to Table 9 that:

(1) The peak responses for stationary Poisson
distribution are 2% to 4% larger than for Malkov
distribution;

(2) The peak responses for non-stationary
Poisson distribution are 8% to 10% larger than for
non-stationary Malkov distribution;

(3) The peak responses for stationary Poisson
and Malkov distribution are 130% to 150% larger
than for non-stationary Poisson and Malkov
distribution.

Therefore, it is too conservative to deal with the
seismic excitation as stationary process. Moreover, it
have to be noted that the Poisson distribution is
suitable only when the peak response is larger
enough to which the probability to exceed is very
small.

4 CONCLUSION

The following conclusions
according fo the analysis:

(1) The proposed method is suitable to the
random vibration and peak response for underground
structures;

(2) The maximum peak axial force produced in
the lining of the underground structure arises at the
vault of the lining, whereas the maximum peak
moment arises in the side wall of the lining;

(3) The thickness of the lining, the embedment
of the structure, the thickness of the deposit between
the structure and the bedrock, and the stiffness of the
lining and the surrounding medium, can affect the
random response of the understructure significantly;

(4) Dealing with the seismic excitation as
stationary process will result conservative design.

can be obtained
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ABSTRACT: A series of 1/50 scale seismic centrifuge model tests was conducted to compare carthquake
resistances of two types of shield tunnel linings under seismic loading, one with a conventional internal
concrete lining without reinforcing steel bars and the other with a new type of intermal lining that is
constructed by inserting thin and flexible FRPM pipes into a constructed external steel lining and filling the
clearance between them with air-mortar, The centrifuge experiments revealed that the shield tunnel lining with
the new internal lining has considerably higher earthquake resistance than that with the conventional internal
concrete lining. A new design concept that considers external steel linings as temporary structures is proposed.
Numerical calculations revealed that with the proposed design concept and the new internal lining, the size of
the shield tunnel lining can be reduced significantly, resulting in considerable savings in the construction cost.

1 INTRODUCTION

In Japan, shield tunnels for sewage transport with
internal diameters less than 3 m are commonly
constructed by assembling steel segments as external
linings and placing concrete without reinforcing
stcel bars inside the steel segments as internal
linings. This type of shield tunnel lining 1s referred
as R(Rigid)-lining here. The following problems
have been identified for the R-lining: (1) inefficien-
cy resulting from the batch construction system of
internal concrete linings, (2) poor working environ-
ment due 0 an increase in temperature while con-
crete hardens durning internal lining construction, (3)
damage to mntemnal concrele linings due to acidic
sewage, (4) corrosion of external steel linings, (5)
low resistance against seismic loading as observed
after the 1995 Hyogoken-Nambu Earthquake, and
(6) high cost as compared (o pipe jacking methods.

A npew type of internal lining system was
developed to overcome the abovementioned pro-
blems of the R-lining, and is now increasingly
adopted in Japan. In thus system, thin and flexible
FRPM (fiber reinforced plastic mortar) pipes are
inserted into constructed external steel linings and
the clearance between a pipe and an external lining
15 f1lled with low strength air-mortar. A shield tunnel
liming with this new type of internal lining system is
referred as F(Flexible)-lining here.

The FRPM pipes with high resistance against
acidic sewage are used in the F-lining. They are con-
tinuously 1nserted from a vertical shaft. Also, these
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pipes are designed to support all external forces that
would be transferred to them after their external
steel linings are completely corroded. In addition,
during the hardening of the air-mortar, the increase
in temperature is smaller as compared to the R-
lining. Thus, the F-lining overcomes problems (1} to
(4) that were identified for the R-lining.

The structural system of the F-lining is much
more flexible than that of the R-lining. The failure
strain of FRPM pipes is about 200 times greater than
that of concrete. Therefore, the F-lining 1s expected
to have considerably higher earthquake resistance
than the R-lining; however, this needs to be proven
experimentally. Also, the construction cost of the F-
lining is now almost comparable to the cost of the R-
lining, which is achieved by reducing the size of a
shield tunnel. However, it 15 still costlier 1In
comparison with pipe jacking methods.

The effectiveness of the F-lining in overcoming
the abovementioned problems (5) and (6) with the
R-lining is evaluated in this paper. Results from a
series of seismic centrifuge model tests are first
presented. The tests were conducted to confirm that
the F-lining is highly earthquake resistanl. Then, a
new design concept which reduces the tunnel size
resulting in significant savings in the construction
cost of the F-lining is presented.

2 SEISMIC RESISTANCE OF THE F-LINING
2.1 Background

Damage to shield tunnel linings of a total length of



about 20 km was observed in the Hanshin Area after
the 1995 Hyogoken-Nambu Earthquake. They were
used for sewage transport. The damage was observ-
ed m variety of shield tunnels ranging from 2 to 7 m
in diameter and 5 to 25 m in bunial depth. Documen-
tation on the damage to shield tunnels as severe as
that in the Hyogoken-Nambu Earthquake was not
found in the earlier earthquake damage reports.

The damage mainly consisted of cracks in inter-
nal conerete linings along the longitudinal axes of
the shield tunnels. The cracks were located at +45°
from the tops and bottoms of the tunnels, forming
X-letter-shaped pattern. Most of the cracks were
accompanied with water leakage from the outside
because of the opening of joints of the external
linings. On the other hand, water leakage was not
observed in the segments of shield tunnels under

construction. The facts that no damage was
observed in the shield tunnels without internal

concrete linings and many shield tunnels with
internal concrete linings experienced severe damage
suggested that the existence of internal concrete
linings caused the damage during the earthquake.

Full scale loading tests for the actual R- and F-
linings of 2 m external diameter were performed to
obtain their flexural stiffnesses. Then, a series of
seismic centrifuge model tests was performed both
to duplicate the cracking of the R-linings observed
after the Hyogoken-Nambu Earthquake and to
demonstrate higher seismic resistance of the F-
lining. The size of the F-lining was not reduced in
the tests so as to be able to compare its behavior
with that of the R-lining directly.

2.2 Full scale loading lests

Schematics of the actual R- and F-linings used in
the full scale loading tests are shown in Figure 1.
Their internal (d) and extemal (D) diameters were
I.35 m and 2 m, respectively. Seven 75 c¢m long
steel segment pieces were combined to form one
ring of the external lining. Beam members (0.8 cm
thick steel plates) of the segment structures were
bolted to both ends of the external lining to simulate
the deformation behavior of a long tunnel lining
correctly.

The internal lining of the R-lining was con-
structed by placing concrete without reinforcing
steel bars, as in the conventional construction. The
internal lining of the F-lining was constructed by
filhing air-mortar in the clearance between the
external lining and a 17.85 mm thick FRPM pipe.
Table 1 shows mechanical properties of the internal
lining materials.

A pair of line loads (P) were cyclically applied at
diametrically opposite locations (top and bottom) of
the lining and corresponding vertical deflection (8)
of the lining was measured. The P-d relationships
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Figure 1. Schematics of the actual hnings used in the full scale
loading tests (dimensions are in mm).

() R-lining

Table 1. Mechanical properties of the internal lining materials.

Concrete Air-mortar FRPM
Strength (kgficm?) 313* 11.7* 2200%*
E (kgffcm?) 300000 4586 181900
v 0.24 0.25 0.30

*Compression, and **compresion and tension
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Figure 2. Measured and calculated P-8 relationships for actual
R- and F-linings.

for the two linings are shown in Figure 2. The P-6
behavior of the R-lining was linear until cracks in
the internal concrete lining were developed. On the
other hand, P-& behavior of the F-lining was non-
linear because of cracking in the air-mortar in the
vicinity of joints of the segment pieces. The FRPM
pipe of the F-lining was intact even when & reached
150 mm. The figure also indicated that the F-lining
is considerably more flexible than the R-lining.

P-4 relationships for both R- and F-linings were
calculated by considering the structural systems as a
thick multi-layered cylinder for the R-lining and a
thin multi-layered cylinder for the F-lining. The
assumed interface conditions for both linings were:
(1) the external linings (steel segments) and con-
crete or air-mortar were bonded in both R- and F-
linings, and (2) the FRPM pipe and air-mortar could
slide easily in the F-lining. The values of Young's
moduli (E) of the concrete and air-mortar were
determined as follows: For the R-lining, E of the
concrete 1 (Fig. la) was assumed as 1,500,000
kgffcm? by considering an increase in the stiffness



of this area due 1o the existence of both joint steel
plates and rib steel plates along the long axis of each
segment. E of the concrete 2 (Fig. la) was adjusted
to E of the concrete specimen (=300,000 kgl/cm?2).
For the F-lining (Fig. 1b), E of the air-mortar was
assumed as 1300 kgf/em?2 corresponding 1o about 30
% of E=4586 kgficm? of the intact air-mortar by
considenng existence of the cracks.

The calculaled P-d relationship are shown as
straight lines in Figures 2a and 2b. These lines
compared faurly well with the measured P-8 curves.
Flexural stiffnesses (Sp) of 2944 kegf/em? for the R-
lining and 19.6 kgflcm2 for the F-lining were
determined from these (wo lines, and using equa-
tion: 8)(=0.149P/S;,. Here, 81 denotes deflection of
the lining due to bending moment.

2.3 Seismic cenirifuge model fests

Two pipes, made of aluminum (E=740,000 kgf/cm?
and v=0.3), were used as 1/50 scale model R- and F-
linings in the centrifuge model tests. The external
diameter (D)) and length of both model linings were
4 cm and 14.8 cm, respectively. Their thicknesses (t,
& mm for the model R-lining and 1.3 mm for the F-
lining) were determined by using the equation:
Sp=ER/{12(1-v2)R3}, to have the same S, values as
those of the actual linings (R=neutral radius of the
model lining). Strain gages were mounted at 16
circumferential locations to measure bending strains
produced in the wall of the model lining (ep).

Bending moments in the model linings (Mp)
were calculated from measured model strains (gy)
as: Mpy=enER/{6(1-v2)}, The actual bending mo-
ments (M) were extrapolated from My, according
to the scaling relation: M =n2M,,, where n (=50) 1s
the g-level at which the test was conducted. The
prototype strains (es) produced in the internal
surface of the actual lining could then be calculated
by applving M, to the structural systems of the
actual limings described in Section 2.2, The relation-
ships between actual and model strains were
determined to be g,=1.65¢y for the R-lining and
£,=0.3% for the F-lining.

Figure 3 shows a typical centrifuge model con-
figuration. The model linings were buried in decom-
posed-granite (G) or dry-sand (S). Ground-G was
constructed by compaction (several 2 cm thick
layers). The compaction was progressed vertically.
Ground-S was constructed by dry pluviation. The
pluviation was progressed in parallel to the long
axis of the model lining. The properties of the
model grounds are given in Table 2, in which Gp
and Gy, denote dense and loose decomposed-granite,
respectively.

The expenments were conducted at 50 g (1.e. 50
times greater than the gravitational acceleration g).
The base input motions (a typical one shown in Fig,
4) were generated using the servo-controlled,

Accelerometer

20cm

sposb 0 B 0 O

Shak/e table

'Y
Figure 3. A typical centrifuge model configuration.

Table 2. Properties of mode] grounds.

) ax Pdmax Pdmin Pd wocg dd
Soil* Gs mm U glem? glemd glem3 % tfim2 Degree

Gp 4 1.70 10 23 38
Gy 27120 70 192 137 50 15 05 3g
S 265043 18 178 147 172 0 0 43

*Gp and Gy respectively denote dense and loose decomposed
granite, and S denotes dry silica sand.

‘T (sec.)

Figure 4. Time history of the base horizontal input accelera-
tion in prototype scale.

Table 3. Test conditions.

Series Lining Ground H/D Hy/D
253 z
A Rand F Gp and 75 2.5
. = 0.25,25
B RandF Gp 3 and 5
- . Gp, Gr, GLp®, =
C RandF and § 25

*Gyp ground is composed of Gy, at the shallower layer 19cm
thick and Gp at the deeper layer 15¢cm thick.

electro-hydraulic shake table on-board the 400 g-ton
centrifuge at the University of Colorado at Boulder.
According to the prototype scale, the horizontal
input motions were approximately sinusoidal with
10 cycles of +0.8 g amplitude at 1 Hz frequency.
During the shaking, the data from strain gages of the
model linings and accelerometers buried in the
model grounds were collected for 1 second at a
sampling rate of 2500 Hz.

A serics of 16 tests was conducted to study the
effects of cover depth (H), distance between the
base and the bottom of the lining (Hp), density and
type of the ground material, and flexibility of the
tunnel lining. Pertinent test conditions are sum-
marized in Table 3.

A typical set of measurements from the tests on
the model R-lining in Ground-Gp for different Hy, is
presented in Figure 5. The graphs shown in these
figures were generated for the particular time
instances when the strain at the right-side shoulder
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Figure 5. Measurements from a typical set of tests for different
Hp, (R-lining).

of the model lining indicated the compressive and
tensile peak values during the third cycle of the base
mput motion. The plots in Figure 5 that are on the
left show the ground horizontal acceleration (o). In
the same plots, thick curves represent the distribu-
tions of shear stress (1) which were calculated by
integrating the measured ground horizontal acceler-
ations. The plots on the right illustrate the distri-
butions of incremental bending strain due to the
oscillation in polar coordinates ( A gy), in which A
£y 18 counted as positive when the internal surface
of the lining is extended. The following observa-
tions were made:
(1) The model R-lining produced the maximum
tensile Aep at the internal four measuring points
which were approximately +45° apart from the top
and the bottom of the lining. The corresponding
actual strains (Aey) would generate cracks in the
actual. R-linings, as was observed after the 1995
Hyogoken-Nambu Earthquake.
(2) The absolute values of -t in the ground were
greater than those of +t. This generated a difference
in the magnitude of measured A ey, at the respective
time instances.
(3) Similar results were obtained in other tests,
except that Aey of the model F-lining were ten
times greater than those of the model R-lining.
Figure 6 shows the change (due to the investi-
gated factors) in the maximum increment of tensile
strains A g, produced on the internal surfaces of the
actual R- and F-linings at the same time instances as
in Figure 5. The values of A, were calculated as:
1.65A & for the R-lining and 0.39 Ay, for the F-
lining. Figure 6 indicates that:
(1) Ae, of the R-lining were greater, when H was
greater, My, was smaller, and ground-G was denser.
The change in Aeg, of the F-lining was similar to
that of the R-lining, except when Hp, was varied.
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Figure 6. The maximum A g, produced in the actual linings.

(2) Aeaof the R-lining were in a range of 20-70 p.
The strain when cracks are generated 1n the actual
internal concrete was estimated to be about 80 .
The maximum value of A, in the R-lining reached
70 p, which was close to the failure strain. This
confirms that internal concrete linings of the R-
lining can get damaged easily during strong earth-
quakes, as was observed after the 1995 Hyogoken-
Nambu Earthquake.

(3) The maximum Aeg, in the actual F-lining was
around 150 p, which was about 130 times smaller
than the failure strain (=2 %) of the FRPM pipe.
This confirms that the F-lining has considerably
higher earthquake resistance than the R-lining.

3 NEW DESIGN CONCEPT FOR THE F-LINING
3.1 Background

The internal diameter of the F-lining can be made 1
size (about 10 %) smaller than that of the R-lining
which would still allow the transport of the same
volume of sewage as that of the R-lining, because
the surface of the FRPM pipe is smoother than the
internal concrete lining of the R-lining. In addition,
the clearance between the pipes and steel segments
can be minimized by making 1t just enough to sull
allow the insertion of the pipes into the external
lining easily. Thus, the external diameter of the F-
lining can be now made 2 sizes (about 15 %)
smaller than that of the R-lining.

The current design standard in Japan for the R-
lining (JSWAS 1990) specifies that the external
lining supports external loads (earth pressures and
external hydraulic pressures) entirely, L.e., the inter-
nal concrete lining does not contribute in supporting
these external loads. On the other hand, the FRPM
pipes in the F-lining are designed to support exter-



nal loads entirely when the steel segments are com-
pletely eliminated owing to corrosion. This means
that both external and internal linings in the F-hning
are designed as permanent structures in the current
design practice, which is overconservative and also,
the cost of construction is unnecessarily increased.

Therelore, a new design concept is proposed by
the authors of this paper. Their method considers the
external steel lining of the F-lining, whose long-
term durability 1s not assured, as a temporary
structure. To demonstrate the cffectiveness of the
proposed design method, a numerical example is
presented in the following sections. In the example,
a trial F-lining is designed according to the pro-
posed design concept. Its performance is compared
with that of the R- and F-linings which are designed
according to the JSWAS standard to confirm that
the new design concept can reduce both external
diameter of the F-lining and the weight of the steel
segments considerably.

The hypothetical R- and F-linings are designed
for the following conditions: The ground is con-
sisted of uniformly distributed sandy soil (mean N
value=25, ¢4=0, $4=35", y=ysa=1.8 ti/m3, y'=0.8
tf/m3). The depth of the invert of the internal lining
18 17 m below the ground surface. The ground water
lable is located at & m below the ground surface.
The surface load is 1.25 tf/m2. The minimum radius
of the tunnel alignment (R} 18 70 m.

3.2 Design of the R-lining

The R-lining is designed according to the JSWAS
standard of steel segments for sewerage shield tun-
nels (JSWAS 1990) with 235 cm external diameter
and 165 cm internal diameter. The external steel
lining of the R-lining is constructed by assembling
standard segments M9 (external diameter D¢=235
cm, internal diameter dg=214.4 cm, and length Lg=
90 cm). The height (hy) and thickness (tg) of the
main beams of M9 are 10 cm and 0.9 c¢m, respec-
tively. The weight of the assembled M9 per unit
length (W) is 349 kgf/m. The material of M9 is
SM490A with allowable tensile and compressive
strengths (,) both 1o be equal to 1900 kgf/cm?2.
Calculated external loads on the extemal steel
lining are shown in Figure 7. The vertical earth
pressure py on the upper half of the external lining
(=38 ffm2) is calculated through the equation:
pv=y'Hy=y"2Ds, where Hy is equivalent to the height
of the ground arch calculated by Terzaghi's theory.
The lateral and reaction earth pressures (g and q)
are calculated by using specified values of their
coefficients (A=0.5 and k=2 kgficm3) as: qy=A(pv+
y'z) and q=kd. Here, z is the depth measured from
the top of the lining, and 8 is the horizontal deflec-
tion of the lining at the springline. The pressures
acting on the lower hall of the lining consist of
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Figure 7. Design loads for the R-lining (tf/m?).

hydraulic pressure (pw2), reaction carth pressure
(pr), and reaction pressure against the lining weight
(pg}, The value of pr is calculated as: P=(pgtpv+
Pwi)-Pw2, S0 as to satisfy the equilibrium of the
vertical forces. When applying these external loads
and weight of the segments, the absolute maximum
fiber stress of the external steel lining 15 calculated
as 1303 kgf/fem?2 (compression) on the internal
edges of the segments at =80 apart {tom the top of
the lining. Since this value is smaller than o,=1900
kgf/em?, the R-lining is judged to be safe.

3.3 Design of the F-lining

First, the safety of the FRPM pipe is examined. The
reduced internal diameter of the FRPM pipe used in
the F-lining is 150 cm due to the smoother surface
of the pipe. The external diameter, length, and wall
thickness are 153.6 cm, 4 m, and 1.8 c¢m, respective-
ly. The tensile and compressive allowable strengths
of the pipe (o) are specified both to be equal to 730
kgficm?. Figure 8a shows the external loads on the
pipe, which are calculated according to the JSWAS
standard of steel segments. The absolute maximum
fiber stress of the pipe is calculated for this load
condition as 174 kgflem2 (compression) on the
external surface at the top of the pipe. This value is
considerably smaller than ¢, Also, the allowable
external hydraulic pressure that the pipe can sustain
without buckling is evaluated as 76 tf/m2, which is
considerably greater than the extemal hydraulic
pressure acting on the upper half of the pipe (pwi=
9.5 tf/m2). The deflection of the pipe 1s calculated as
0.12 cm, which is negligible. Thus, the FRPM pipe
1s judged to be safe.

Then, the external steel lining is designed as a
permanent structure according to the JSWAS stand-
ard. The minimum internal diameter of steel seg-
ments, into which the FRPM pipes with 4 m In
length are inserted, becomes 169.6 cm for Rz=70 m.
This internal diameter includes a clearance of 5 cm
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Figure 8. Design loads for the F-lining (dimensions are in tﬁm~),

all around the pipe 1o ease the insertion of the pipes
into the lining. The segment M2 is selected among
the standard steel segments provided in the JSWAS
standard, because the internal diameter (ds=174.4
cm) of M2 1s the closest to 169.6 cm as calculated
above, and also, its external diameter (D=190 cm)
is the smallest. The other dimensions of M2 are
specified as Lg= 75 cm, he=7.5 cm, t;=0.8 cm, and
W=380 kgf/cm. The absolule maximum fiber stress
of M2 is calculated as 1200 kgficm? (compression)
for the external Joads shown in Figure 8b. Since this
value is smaller than o,=1900 kgficm?2, the external
lining M2 is judged to be safe.

Finally, the external lining is designed as a tem-
porary structure according to the proposed design
concept. In this case, the allowable strength of SM
490A (op) 1s increased as 2850 kgfiem2, which is
1.5 times greater than 1900 kgf/fem? in the perma-
nent structure case. The dimensions of the trial steel
segment with dg=169.6 cm are determined such that
the segment generates the absolute maximum f{iber
stress smaller than 03=2850 kgf/cm? for the external
loads shown in Figure 8c, as: Dg= 1762 cm, L= 75
cm, he=3 cm, and =07 cm. The value of Wy
becomes 220 kgfim. The absolute maximum fiber
stress of the segment is calculated as 2603 kgf/cm?2.

3.4 Comparison among the designed linings

While using the current design standard, the exter-
nal diameter of the F-lining is reduced from 235 cm
of the R-liming to 190 cm. The effect of the reduc-
1on 1n size is expressed in terms of the ratios (the F-
lining quantity to the R-lining quantity) of the
excavated soil volumes (o) and the steel segment
weights (B) as o=(190 ¢cm/235 cm)2=0.65 and B=
(380 kgt/m)/(549 kgf/m)=0.69.

On the other hand, by using the new design
concept, the F-lining can be reduced further from
190 cm to 176.2 ¢cm in the tunnel size and from 380
kgf/m to 220 kgfim in the segment weight. The
values of o and 3 against the R-lining become a=
(176.2 em/235 cm)2=0.56 and B=(220 kgf/m)/(549
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kgf/m)=0.40. The savings in the cost due to the
adoption of the proposed design concept are reflect-
ed in the ratios (o and ) of the F-lining quantities
obtained according to the proposed design method
to the F-lining quantities obtained according to the
current design standard as a=(176.2 cm/190 cm)2=
0.86 and B=(220 kgf/m)/(380 kgf/m)=0.58.

4 CONCLUSIONS

1. The centrifluge experiments confirmed that the
commonly used shield tunnel lining with the inter-
nal concrete lining (R-lining) can get damaged easi-
ly during strong earthquakes, as was observed 1n the
1995 Hyogoken-Nambu Earthquake. The experi-
ments also confirmed that the shield tunnel linings
with the new internal lining system using FRPM
pipes and air-mortar (F-lining) has considerably
higher earthquake resistance than the R-lining.

2. Using the proposed design concept that considers
external steel lining as a temporary structure, both
the size of the shield tunnel and the weight of the
steel segments can be reduced significantly, result-
ing in considerable further savings in the cost
without compromising its stability as evident from
the fiber stress calculations.

3. Thus, the F-lining designed according to the
proposed design concept is effective m overcoming
all the problems identified for the R-lining. Its
adoption will contribute significantly lo prevent
damage to shield tunnels due to seismic loading.
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ABSTRACT: Soil liquefies during an earthquake resulting in flotation of buried pipelines to the ground
surface. In order to reveal the uplift behavior of buried pipelines during earthquake, large-scale shaking tests
were conducted on a pipeline installed under loose sand using a 3 dimensional shaking table. The effectiveness
of four different types of stabilizing techniques against liquefaction was investigated. This paper discusses

the effectiveness of each stabilizing technique.

1 INTRODUCTION

Buried pipelines are greatly influenced by the
physical properties of the surrounding ground.
Thus, the entire structure is usually stabilized by
compacting the backfill materials of good quality.
Field investigations of actual damage, vibration tests
and numerical analyses have produced useful results
pertaining to soil liquefaction of underground
structures. To improve the accuracy of damage
prediction and earthquake resistance of such buried
pipes, it is important to identify the mechanism
leading to liquefaction of backfill soil.

Some experimental studies have been
conducted to identify the behavior of underground
structures  subject to ground liquefaction.
Nevertheless, most of these studies involved
small-diameter pipes, and only a limited studies
have been conducted to investigate the methods of
preventing large-diameter pipes from uplifting. In
addition, there has been no study on the behavior of
buried pipes subject to horizontal and vertical
vibrations.

In this study, the authors investigated the
influence of vertical motions on the behavior of
buried pipes and the surrounding ground by
conducting a series of one and two dimensional
vibration tests. The effectiveness of mitigation
technique to prevent buried pipes from uplifing is
reported and discussed.

2 2-D SHAKING TEST
2.1 Methodology

The test was conducted using a three-
dimensional vibration table with two types of
excitation, i.e., excitation applied in a single
direction (horizontal vibration only) and the other
with excitation applied simultaneously in two
directions (vertical and horizontal vibrations). The
horizontal vibration was applied in the direction
orthogonal to the pipe axis. The ratio of the
maximum acceleration of vertical motion to that of
horizontal motions was 0.5.

2.2 Test Equipment
The vibration table used for the test has plane
dimensions of 6 m x 4 m, with the maximum
loading capacity of 50 tf. The excitation was
generated by hydraulic servo, which allowed
independent control of three-dimensional vibration
having six degrees of freedom.
The model was installed in a steel tank (4.6
m wide, 1.8 m high, and 1 m long) installed on the
vibration table. The accelerometers, piezometers,
and displacement transducers were used to monitor
the performance. The scheme of instrumentation is
shown in Figure 1.

Table 1. Models and input acceleration

Input acceleration WEST CENTER EAST
TEST-1 H=0.3g MODEL 2 MODEL 1 MODEL 3
TEST-2 H=0.3g, v=0.15g MODEL_2 MODEL_1 MODEL_3
TEST-2 H=03g,V=0.15¢ ~  MODEL 6 MODEL_5

489



2.3 Model Ground

The sand used in the test was homogeneous
sand with a mean particle diameter (Dy,) of 0.30
mm and the uniformity coefficient (Uc) of 2.49. To
create the model sand ground, water was
introduced into the test box up to a depth of around
50 cm, onto which wet sand was dropped from the
water surface to create a loose ground. The relative
density of the ground (Dr) was between 56% and
61%. A model pipe (a hard chloroethylene pipe
with a diameter of 420 mm and a length of 970
mm} was buried at a depth of 40 cm from the
ground surface. In each test, three models were
constructed, as given in Table 1.

2.4 Input Earthquake Motions

To excite the model, input ground motion of
5.0 Hz was applied in the direction vertical to the
pipe axis with a maximum acceleration of 300 gal
in the horizontal direction. Vertical motion was
input with the maximum acceleration of 150 gal. It
was in phase with the horizontal motion. Figure 2
shows the acceleration waveforms measured on the
vibration table,

2.5 Test Conditions

Table 1 shows the testing program. Model
1 is the reference test with a loose ground only,
while Model 2 has a pipe installed at a designated
location. In Model 3, crushed stones were filled
around the upper half of the pipe and with a
geogrid to form an integrated body. In Model 5,
crushed stones were filled all around the pipe,
while in Model 6, 15 cm wide vertical drain
columns, made of crushed stones, were installed on
the bottom and both sides of the pipe. The
apparent unit weight of the pipe was 2.4 kN/m’.
The unit weight of the crushed stone section was
18.6 to 19.8 kN/m”.

3 TEST RESULTS AND REMARKS
3.1 Influence of Vertical Motions

Figure 3 shows the amount of uplifting of the
pipes. In Test 1, in which only horizontal
excitation was applied, the pipe started to rise
immediately after the commencement of excitation,
and continued to rise by around 150 mm to 200 mm
during excitation. In the case of Model 3, in which
crushed stones were installed around the upper part
of the pipe, the uplifting stopped immediately when
excitation ended. The crushed stones proved
effective in reducing flotation. In the case of Model
2, which is without reinforcement, the uplifting did
not stop even after the end of excitation. The pipe
rose to the ground surface two minutes after the end
of vibrations.
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Fig. 1 Soil models for shaking table tests

ACCELERATION(gd )

ACCELERATIOMN(gal)

20 40
TIME(seconds)

Fig.2 Time histories of acceleration of shaking table

In Test 2, in which excitation was appled
both vertically and horizontally, the pipe rose at a
speed two times as fast as that of the models having
horizontal excitation only. In the case of Model 2,
which was without reinforcement, the pipe rose up
to the ground surface during excitation, while in the
case of Model 3, the pipe did not rise conspicuously.
The final amount of uplifiing of this reinforced
model was small, thus proving the effectiveness of
reinforcement.
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Fig.6b Time histories of acceleration of pipe
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Figure 4 shows the response of pore water
pressure of the ground. In the case of Model 1,
there was a delay in the generation of excess pore
water pressure at a position deeper in the ground
(No. 23) than that near the ground surface (No. 20).
The result shows that the liquefied area propagated
from the ground surface into the interior. When
vertical motions were input, the amplitude of the



response waveforms of the pore water pressure
became great, which is attributed to the occurrence
of excess pore water pressure generated through the
influence of vertical inertia force of the ground.
Note that the position of the pore pressure
transducer is close to the ground surface, and the
depth and effective stress may be affected by
shaking. Thus the ratio calculated may be grater
than 1.

Figure 5 shows the response of the pore water
pressure around the pipe of a reinforced model
(Model 3).  Although the pipe behavior was
basically the same as in the case of the model
without reinforcement, the pore water pressure in
the ground near the crushed stones (No. 108 and
115) did not increase as much, with which the
excess pore water pressure ratio was 1.0 or lower.
In the case when vertical motions were input, the
excess pore water pressure ratio was equal to or less
than 1.0. The response amplitude was greater than
the model to which only horizontal motions were
input.

Figure 6 shows the acceleration response of
the pipes. As shown by the waveforms of the pore
water pressure of the surrounding ground, it is
common to all models that the acceleration of the
pipes decreased sharply immediately after the
ground has liquefied. When vertical motions were
input, the pipes were subject to a large vertical
acceleration greater than the input acceleration, even
when the ground had liquefied and the horizontal
acceleration of the pipes had decreased. Thus,
when studying the uplifting of pipes, the influence
of vertical motions must be taken into consideration.

3.2 Effect of Countermeasures against uplifiing of
Pipes

Figure 7 shows the amount of pipe uplifting in
the models to which countermeasures were taken
using crushed stones. Excitation was applied to the
vibration table in the vertical direction in addition to
the horizontal direction. In the case of Model 3,
the pipe rose by 170 mm during excitation. It
continued to rise slowly after the end of excitation,
and reached the ground surface completely 30
minutes later. In the case of Model 6, the pipe rose
by around 80 mm during excitation, but stopped
rising at the instant excitation ceased, thus proving
that the crushed stones helped to prevent the pipe
from rising. The speed of pipe rising during
excitation was half or less than that of Model 2,
which was without any reinforcement. The results
demonstrated the effectiveness of crush stones.

Figure 8 shows the location of the pipe and
configuration of the crushed stones after the test. In
the case of Model 6, the pipe itself did not move
much, although the entire earth rose by around 43
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mm from the layer of crushed stones under the pipe.
There was no major change in the shape of the
vertical drains on both sides of the pipe, although
the distance widened. Thus, the drains were
proven to have prevented the flow of the sand
ground above the pipe.



Figure 9 shows the response of excess pore
water pressure of Model 5.  Since vertical motions
were input, the response amplitude was greater than
that of horizontal acceleration alone. According to
the response of underground pore water pressure
(No. 39), the surrounding ground liquefied seven
minutes after the start of excitation, and high pore
water pressure was maintained in the ground during
excitation. Although the water pressure inside the
crushed stones (No. 38) during the initial phase of
excitation showed the same behavior as in the
surrounding ground (No. 39), the amount of increase
of the pore water pressure was smaller than that of
No. 39. The pore water pressure decreased gradually
after reaching the maximum. In addition, the water
pressure acting on the outer surface of the pipes (No.
28 and 30) decreased immediately after the ground
liquefied. This was due to the fact that the depth of
pipes became shallow after the pipe moved upward.

Figure 10 shows the response of excess pore
water pressure in Model 6. The increasing
acceleration in the initial phase of excitation showed
the same behavior as in Model 5, and the pore water
pressure in the surrounding ground (No. 83)
decreased sharply right afier ground liquefaction.
The amount of increase of pore water pressure
inside the layers of crushed stone drains (No. 79)
was low, being half or less than that of No. 84.
The results show that the vertical drains made of
crushed stones were effective in mitigating pipe
uplifting.

4 CONCLUSIONS

A series of model vibration tests were
conducted to identify the influence of vertical input
vibrations on the rising of buried pipes. The
following points were clarified with respect to the
effects of vertical accleration:

e The amplitude of the response of excess pore
water pressure increased in the presence of
vertical acceleration

e The response in the vertical direction was not
reduced even after the response of the horizontal
acceleration of pipes has decreased as a result of
ground liquefaction.

® When vertical motions were applied along with
horizontal motions, the speed of pipe rising was
more than twice that of the pipes subjected to
only horizontal motions.

e The models in which geogrid was applied on the
upper part of the pipes to reinforce (constrain)
the backfill materials around the pipes greatly
prevented the pipes from uplifting.

¢ Installing vertical drain channels around a pipe
using crushed stones greatly helped to prevent
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the pipes from uplifting.

e The influence of vertical motions must be taken
into consideration when evaluating pipe
uplifting.
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ABSTRACT: Underground pipelines, such as water supply systems, suffer large damage during earthquakes
by surfacing or meandering because of ground liquefaction. Several countermeasures against liquefaction
have been proposed for earth structures, but these methods are not oriented towards underground pipelines.
The simulation analysis of the shaking table test as presented herein was conducted with the aim of confirm-
ing the validity of a proposed countermeasure method. The effective stress analysis was conducted using FLIP.
The analysis by FLIP simulated well the behavior of the underground pipe during an earthquake. The results
of analysis offered insights into the behavior of pipeline with the proposed countermeasure during liquefac-
tion. The countermeasure with the crushed gravel as substitute for soil at the vicinity of the pipeline proved

effective in reducing damages during liquefaction.

1 INTRODUCTION

Water supply systems underwent significant dam-
ages during earthquakes because of ground lique-
faction (e.g., Koseki et al., 1990). Surfacing and me-
andering are typical types of damages observed for
pipelines. The mechanism of pipeline floating is
currently interpreted in terms of the force balance
between buoyancy and gravity. But in the current
practice, the countermeasure method against lique-
faction is not considered towards these underground
structures.

The authors have initiated a series of studies to
look into the liquefaction countermeasure method
for pipeline flotation (Mohri et al., 1999). The
simulation analysis of the shaking table test was
conducted with the purpose of confirming the valid-
ity of proposed countermeasure method. An effec-
tive stress analysis was conducted using FLIP (Tai et
al.,1992). The results of analysis are reported herein.

Table 1. Details of simulation.

Experiment condition Content of analysis

Casel  Soil alone Setting up the dilatancy parameters

Confirming the flotation damage of

Case2  Soil with buried pipe the pipe

Confirming the effectiveness of the

5 Countermeasur:
Case3 asure countermeasure

2 DETAILS OF SIMULATION

The details of numerical simulation are shown in
Table 1. Three Cases, were conducted:

Case 1 was conducted with the purpose of cali-
brating the dilatancy parameters from the experi-
mental results. The dilatancy parameters used in the
analysis may be identified directly from the lique-
faction resistance of the laboratory test. However, it
is difficult to conduct laboratory undrained cyclic
triaxial test at very low confining pressure that re-
sembles the stress states in a shaking table. The dila-
tancy parameters were selected by matching the nu-
merical results with the excess pore water pressure
measured in the actual test.

Case 2 aimed to duplicate numerically the flota-
tion damage of a pipe.

Case 3 was conducted to confirm the effective-
ness of the proposed countermeasure.

3 OUTLINE OF EXPERIMENT

A series of shaking table model tests were per-
formed to study the uplift mechanism of pipeline
(Mohri et al., 1999). A rigid soil box 480 cm long,
150 cm high and 100 cm deep was used. The soil
layer was prepared from Kasumigaura sand with the
following index properties: mean diameter Dy=
0.2998mm, uniformity coefficient Uc= 2.49, relative
density Dr= 60%. The model pipe was installed in



the soil layer. It was manufactured from the polyvi-
nyl chloride. The outside diameter, inside diameter
and equivalent density of the pipe were 420 mm,
400 mm, and 2.689 kg/m’, respectively. In the
countermeasure, Case 3, a crushed gravel was used
as substitute for the soil around the pipe (Figure 4).
The soil box was shaken for a duration of 30 sec-
onds by the sinusoidal wave of frequency 5 Hz as
shown in Figure 1. This is the record from experi-
ment, Case 1, and it is the input wave used in all
analyses.

4 MODELS USED IN ANALYSIS

4.1 Soil Model

The effective stress soil model used in this study is
composed of two parts; a stress-strain relation for
shear mechanism and a mechanism for simulating
the generation of excess pore water pressure. The
shear mechanism adopted here consists of a multiple
shear mechanism composed of virtual simple shear
mechanism in arbitrary orientations; each virtual
simple shear mechanism is assumed to follow the
hyperbolic stress-strain relation with hysteresis
characteristics (Towhata et al., 1985). The excess
pore water pressure is simulated as a function of
cumulative shear work (lai et al., 1992). Effect of
positive dilatancy is also included for taking into
account the cyclic mobility behavior through the
concept of liquefaction front defined in the effective
stress space. The model can simulate the rapid or
gradual increase in cyclic strain amplitude of the
order of several percent under undrained cyclic
loading. Outline of stress-strain model and excess
pore water pressure model are shown Figures 2(a
and b). It has to be emphasized that the program
used in the analysis is based on the undrained con-
dition.

4.2 Pipe Model

The pipe was modeled using a beam element with
linear elastic properties.

5 ANALYTICAL CONDITIONS

5.1 Value of Material Parameters

The values of material parameters used in the analy-
sis are shown in Table 2. Though typical values
were adopted from the measurements obtained from
the experiment or the laboratory tests, the initial
shear modulus and the limiting virtual damping
factor of the liquefaction soil was substituted using
the test data of Toyoura standard sand (Iwasaki et al.,

1978). The initial shear modulus of the crushed
gravel was selected to be 10 time that of the lique-
fied soil.

HAX 3,15X10° AT 3,04X10  MIN-3.43XICF AT 1.71X10
~, 350.0

1
a
0 q.
(8]
§-350.
0.0 10.0 20.0 30.0 40.0 50.0 60.0
TIME(SEC)

Figure 1. Input acceleration wave (At = 0.002 second).

External force F
causing displacement U

Fixed condition

Imagined spring of
hyperbolic type

Figure 2a. Stress—strain model (Towhata et al.,1985).

Failure Line(=sin¢ ’ ) 1

Phase Transformation
Line (=sin¢’ )

= Shear stress ratio /0 'm0

State variable S 10

Figure 2b. Excess pore water pressure model (lai et
al.,1992),



Table 2. Value of Material Parameters

® I'l* * L C* Gn * Kq* * K- *

Parameters v Bena % 0 0 v f

(tfm?) (deg) {tfm*) (tffm®) (1Fm?) {tffm%)
Sand 1.96 0.440 0.25 347 0.0 9000 24,000 0.333 224X 107
Crushed gravel 2.04 0.386 0.28 40.0 0.0 90,000 240,000 0.333 224X 10°
Parameiars Gp* Ep * vp* Ve A* IL* Rayleigh damping

{tfm?) (tfhm?) (affm’) (m?) (m*) B=7.5%10°
Pipe 1L 300,000 0.35 2.689 0.01 8.3x10°®
*y: Density. n : Porosity. hpax @ Maximum damping. ¢ ¢ ~ Shear resistance angle. C : Cohesion. Gy : Initial shear

modulus ino ,'=6.66 tim".
water. G, : shear modulus.
oF i

: F,p : Elastic modulus.
moment of inertia.

Table 3. Parameters for dilatancy.

Layer p,%  S1* W1 * P1* P2+ (i

Sand 31.2° 1.995  0.50 190

* ¢ 'p: Phase transformation angle. S1 : Ultimate limit of
dilatancy. W1 : Overall dilatancy. P1 : Initial phase of
dilatancy. P2 : Final phase of dilatancy.

C1 : Threshold limit.

0.005 12.0

5.2 Dilatancy Parameters

The dilatancy parameters used in the analysis are
shown in Table 3, and the liquefaction resistance
was calculated by the preliminary analysis using the
parameters shown in Figure 3.

The analyses of Case 2 and Case 3 were proceed-
ed using the input material parameters and dilatancy
parameters decided from Case 1.

5.3 Rayleigh Damping

A parametric study was conducted, and the Rayleigh
damping B was selected later in Section 6.2 based
on accelerations records of Casel. The analysis of
Case 2 and Case 3 used the Rayleigh damping prop-
erties chosen from Case 1.

84cm(24)

Diameter ¢
=42cm
H

Ky : Initial bulk modulus ino,,’=6.66 tfim? .

v: Poisson ratio. K : Bulk modulus of pore

Vp! Poisson ratio. 7y eq Density. A : Cross section. I, : Geometrical

1.0
09
0.8
0.7
0.6
0.5
0.4
0.3
0.2
0.1
0.0

Shear stress ratio T /0 'mo

10 100
Number of cycles N

Figure 3. Liquefaction resistance by analysis.

5.4 Finite Element Mesh and Boundary Conditions

The finite element mesh used in the analysis is
shown in Figure 4. As for the boundary conditions,
the bottom is fixed, and the two sides were allowed
to move vertically but were restrained horizontally.

BB : Range of crashed gravel

35cm

Point D, E, P : Comparative Point of

vV Vi

26cm
130cm

Point P

time response.

¥

il

Fixed

460cm

Figure 4. Finite element mesh and boundary condition.
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6 ANALYTICAL RESULTS

6.1 Self-Weight Analysis

The self-weight analysis was conducted by applying
a self weight to the soil. The self weight analytic
results of Case 1 - Case 3 are shown in Figures 5(a
to ¢) with the effective vertical stress o . The initial
stress condition is reproduced well in each case.

6.2 Dynamic Analysis

a) Case |

The analysis of Case 1 decided the values of dilatan-
cy parameters and Rayleigh damping . The re-
sponse values, which are influenced by this pa-
rameter, are the excess pore water pressure and the
acceleration. The comparison of the analytical and
experiment result is shown in Figures 6(a to ¢) and
Figures 7(a to c). It is understood that the experi-
mental results are well simulated by the parameters
used in the analysis.

Unit tfm*
STRUCTLRE SCALE

TH ¥ 9. g.=0
A=-0.1000 B =-0.2000 C=-0.3000 O
Fw-0.8000 G=-0.7000 He-0.6000 1
K=-1.100 L =-1.200

= -0.4000 E = -0.5000
= =0.9000 J e -1.000

IO @

Fo—= QMmO D

a. Casel.

STRWIURE SCHLE o g2g

Il

Case2 KL
Unit  tfim?*
STRUCTURE SCALE
STh 0. 0.20
A« -0.1000 B = -0.2000 C = -0.3000 D = -0.4000 € = -0.8000
F=-0.6000 O=-0.7000 H=-0.8000 1 =-0.8000 J=-1.000
Kow-1.100 L = -1.200

f X e—~0mMOD
reImMow

Figure 5. Effective vertical stress (o ) by self-
weight analysis in Case 1 - Case 3.

b) Case 2

The deformation up to the end of calculation 1s
shown in Figure 8. The deformation obtained from
the analysis shows that the pipe flotation mode is
reproduced. The comparison of the excess pore wa-
ter pressure, the amount of pipe uplift, and the
bending strain of the top of the pipe is shown in Fig-
ure 9.

The excess pore water pressure of analysis and
measurements correspond well to each other until
the time of undrained conditions (before t = 40 sec-
onds). The amount of pipe flotation was 17 cm in
the experiment and 13 cm in the analysis. The
agreement was considered very satisfactory.

c) Case 3

The deformation to the end of calculation and the
time response are shown in Figures 10 and 11, re-
spectively. In the same manner as Case 2, The
amount of pipe flotation was 10 c¢m in the experi-
ment and 6 cm in the analysis. There are some dif-
ferences in the experiment and the analysis for the
time response. But it can be said that both results
agreed well. In the analysis, the validity of the
countermeasure method of the floating damage of
the pipe can be confirmed from the above-described
comparisons.
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Figure 6. Excess pore water pressure response in
Case 1.
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Case 3.
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Figure 11. Comparison of time response in Case 3.

7 INFLUENCE OF COUNTERWEIGHT

The weights of the pipe and the countermeasure
material, which resisted the floating of the pipe,
were examined in the analysis. Each of the density
was made equal 10 70% and 130% of the experiment
value, and the analysis was conducted under Case 2
or Case 3. The results are shown in Tables 4 (a and
b).

It is understand that the amount of pipe flotation
was affected by the magnitude of the weight from
Tables 4. Thus the weight of the material has an in-
fluence, especially on the countermeasure.

8 CONCLUSIONS

An experiment on pipe flotation caused by liquefac-
tion was simulated. The following conclusions were
drawn from the results of analysis.
+ FLIP simulated well the experiment results.
¢+ It can be confirmed that the countermeasure
with the crushed gravel as substitute for soil

around the pipe is effective.

* The weight of the material attached to the pipe
played a role as counterweight against flota-
tion.

Table 4. Influence of weight in Case 2 - Case 3.
a. About pipe in Case 2.

Density (rate) Amount of floating of pipe

1.882 tf/m’® (0.7 time) 15.7 cm
2.689 tf/m* (1.0 times) 12.6 cm
3.496 tfim* (1.3 times) 11.1cm

b. About crushed gravel in Case 3.
Density (rate) Amount of floating of pipe

500

1.43 tfim’® (0.7 time) 18.0 cm
2.04 tifm’ (1.0 times) 5.7 ¢m
2.65 tffm’ (1.3 times) 0.6 cm
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Design spectra for the seismic deformation method defined on ground surface
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ABSTRACT: The design spectra for Seismic Deformation Method (SDM) of underground structures have
been given by the velocity response spectra defined on the seismic base layer (Vs > 300m/sec). In this paper,
a new method is proposed to define the design spectra for SDM in terms of the acceleration response spectra
defined on the ground surface. The proposed method makes possible to include the seismic and ground
conditions in the design spectra of underground structures. In order to compare the proposed method with the
conventional method, a conversion procedure of the spectrum defined on the ground surface into that for
SDM is proposed. The procedure is applied to the seismic design spectrum of Earthquake Resistant Design
of Bridges of Japan and the average response spectra which have been determined from 394 components of
the strong motion records. The converted spectra are compared with the design spectra defined in various
seismic design codes for underground structures.

1 INTRODUCTION on ground surface. The ground condition is

classified into 3 groups by soil types and the design

Response spectrum is widely used in earthquake
resistant design of the most types of structures such
as bridges, buildings, and so on. In the case of
“Earthquake Resistant Design of Bridges (ERDB)”
code (Japan Road Association 1990), the design
response spectra are defined as shown in Figure 1
for fixed damping factor of 0.05, which is defined

=)
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T 1
o 1
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Ground fype |
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Ground Type Il
— Ground Type Il

10 ek
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Acceleration Response (cms/sec/sec)

Figure I Design acceleration response spectrum
defined in "Earthquake Resistant Design

of Bridges" of Japan.

spectra are defined for each ground type. Type I
stands for the outcropped bedrock with 0.1 to 0.2
seconds of natural period of surface layer, type Il is
hard soil deposit with 0.2 to 0.6 seconds of natural
period of surface layer, and type III is soft alluvium
for which the natural period of surface layer is over
0.6 seconds.

Ground surface

Seismic base layer

Figure 2 Schematic diagram of distribution of

maximum displacement of subsurface
ground.



On the other hand, Seismic Deformation
Method (SDM) is applied to seismic design of
underground structures, such as pipeline and
submerged tunnels. This is a design method that the
displacement of ground exerts seismic deformation
on the structure.  In Japan, “Technical Standard for
Petrolenm Pipelines (PPL)"(Japan Road
Association 1974) is the first seismic design
standard for underground structure using SDM.
The design code for multi-service tunnels (MST,
Japan Road Association 1986) is widely used for
many types of underground structure. The design
code for underground parking lot (UPL, Japan Road
Association 1992) is the newest code for
underground structure in Japan. In these codes for
underground structure, vertical distribution of
horizontal ground displacement in surface layer of
which shear wave velocity is less than 300 m/sec is
modeled by a quarter of cosine wave shape, as
shown in Figure 2. The distribution of maximum
displacement of the ground is given by Eq. 1.

(1

where Uf(z): horizontal maximum displacement
amplitude at depth z, z: depth from the surface of
the ground, T natural period of surface layer, H:
thickness of surface layer, S, response velocity
spectrum,

In SDM, the seismic design spectrum S, is
defined on the interface between the surface ground
and the seismic base layer(V, > 300m/sec). Figure
3 shows the design spectra of PPL, MST and UPL.
Note that the abscissa in Figure 3 is the natural
period of "Surface Layer”. The design spectra for
SDM are not the response spectrum calculated
from the records observed on the interface between
the surface layer and the seismic base ground
because the records on the interface are affected by

2 Tz
Ulz) =?Sﬂ; COSE'E

-

00

o

Velocity Response (cms/sec)

0.1 1 10
Natural Period of Surface Layer (sec)

Figure 3 Design velocity response spectrum
defined in the design codes using SDM.
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the surface layer at the site. Those are also

different from the response spectrum of the records

observed on the outcropped seismic base layer
because the spectrum must be affected by the
surface layer if it exists on the seismic base layer.

For these reasons, it is difficult to understand the

meaning of the design spectrum for SDM. Thus,

spectrum for SDM has the following drawbacks;

1) The physical meanings of the design spectrum is
ambiguous so that there is no way to obtain the
spectrum applicable to different site conditions
and seismic environments.

2) Seismic design force is not specified for such
structure that extends continnously above the
ground surface from underground.

3) Seismic ground motion is not defined for
structures laying in the ground deeper than the
seismic base layer.

If the seismic design spectrum is defined on the
ground surface and can be easily modified for the
above-surface structures and underground structures,
it is much easy to understand and to use the
spectrum in seismic design. Fortunately we have
large accumulation of strong motion records
observed on the ground surface, which will provide
enough dataset to specify the seismic ground
motion on the ground surface. Moreover several
methods have been proposed to modify the surface
ground motion into the subsurface motion.

In this paper, a new method is proposed to define
the design spectra for SDM in terms of the
acceleration response spectra on ground surface.
In order to compare the proposed method with the
conventional method, a conversion procedure of
the spectrum defined on the ground surface into
that for SDM is proposed. The procedure is
applied to the seismic design spectrum of ERDB
and the average response spectra which have been
determined from 394 components of the strong
motion records.

2. SIMPLE CONVERSION METHOD

As mentioned above, while the design response
spectrum in ERDB is defined on the ground surface,
the design response spectrum for SDM is defined
on the interface between the surface ground and the
seismic base layer(V, > 300m/sec). We propose a
conversion method from the spectrum on ground
surface to the spectrum for SDM.

In SDM, amplitude of displacement wave at ground
surface is given by Eq. 2, which is given by letting z
=0inEq. 1.

ulw)=

RN

=5,(0)



Although the design spectrum of SDM is explained
as the velocity response spectrum on the seismic
base layer, it is considered that it simply represents
the relationship between the natural period of
surface layer and the amplitude of velocity wave on
ground surface which is obtained by differential
calculus of the displacement wave. The amplitude
of displacement wave is the key parameter to design
underground structures. It needs to develop a
method that can convert the response spectrum
defined on pground surface to the amplitude
spectrum of displacement on ground surface.

If a stationary sinusoidal displacement wave
u(w) with angular frequency @ is applied to the one
degree of freedom system with natural angular
frequency n, the ratio of acceleration response
amplitude S (@) to u{w) is given by Eq. 3.

Sd (ﬂ) _ wz (‘mﬂfn)-z

ww) J{l_(m,"n)z}z-l-élhz(&).-’n)z

The maximum response ratio is obtained by letting
@w=n inEq.3, as follows;

2h
u(w) = el S (w) (4

Then the relationship between (@) and S (@) is
obtained from Egs. 2 and 4 as follows;

5,@)=225,(0) (5)

Figure 4 shows the comparison with the spectra of
SDM and the converted spectrum from ERDB
spectra.  The value of PPL is about two times
larger, those of MST and UPL are about 4 times
larger than that of ERDB in the period range over
1.0 second. These difference s can be explained
by following two reasons.

The difference between envelope value and
average value of response spectra of many strong
motion record is an explanation. As shown in

(3

N
__310 y”o 3
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@ i 4
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Figure 4 Comparison of the SDM spectra
with the converted ERDB spectrum.

Figure 5, while the spectrum of ERDB is defined as
an average of spectra obtained from many
accelerograms, the response values of a record
corresponding to the natural period of surface layer
often exceeds the value of the ERDB spectrum.
There is no problem for above-ground surface
structure except the case that the natural period of
surface layer is equal to that of the structure. On the
other hand, the underground structure must be
designed for the response value corresponding to
the natural period of the surface layer. It is
concluded that this factor represents the ratio
between the peak value of response spectrum
corresponding to the natural period of surface layer
against the average spectrum.

The non-stationary properties of seismic motion
must be another reason. Eq. 4 is inferred under the
assumption that the input seismic motion is
sinusoidal and stationary. There may be many
cases the assumption is not satisfied. Figure 6
shows the response factor of single degree of

verage

ACC. RESP. (CMS/SEC/SEC)

PER10D(SEC)
Figure 5 Schematic diagram of the relationship
between the response spectra of strong
motion record and averaged response
spectrum.

=1 7

! / ]
5 5

Response Factor

0 5 10 15
Wavenumber

Figure 6 Relationship of input wavenumber and
response factor of single degree of
freedom system.



freedom system with damping factor of 0.05 excited
by input sinusoidal motions with various
wavenumber of which period is the same as the
natural period of the system. Eq. 4 is exactly
satisfied when the factor reaches 10.0. The factors
are only 2.7 and 4.7 if the wavenumbers are 1.0 and
2.0, respectively. In the case that the response
factor is 5.0, u(@) in Eq. 4 must be multiplied by 2.
This operation is needed for the non-stationary
input motions.

Now we introduce the new parameters to Eq. 4
to consider the effects mentioned above.

2h
u@)=Cy-Cy-—55,(@) (6)

where, C, is the parameter for indicating non-
stationary properties of seismic motion, C, the
parameter for correcting the amplification factor of
the site. If the product of C, and C, is about 4.0,
the ERDB spectra agree with the MST and UPL
spectra. If it is 2.0, the ERDB spectra correspond
with the PPL spectrum.

The difference between MST and UPL spectra
is discussed in the next section.

3. CONVERSION METHOD CONSIDERING
DISPERSION OF PHASE VELOCITY

In the comparison mentioned above, only the
seismic ground motion corresponding to the natural
period of surface layer is considered. The observed
ground motion records consist of not only the
spectral component corresponding to the natural
period of surface layer but also other frequency
components which may cause damage on
submerged structure. Thus the underground
structure should be designed for the input ground
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Ny — (Vs=350fw/sec)
A k SOm M |500m
% > 1000m
3 .

Baserock (Vs=3 kmvsec) LT o M
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S (Vs=70Dm/sec)
\

X 1000m

L S

Figure 7 Cases analysed.

motion which has wide frequency components. The

seismic wave propagating horizontally consists

mostly of surface wave which has dispersion
characteristics. In such case, the apparent wave
velocity of surface wave with longer period is
greater than the shear wave velocity in surface layer.

Now, we propose a conversion method from
acceleration response spectrum on ground surface
to SDM spectrum considering dispersion of surface
wave, as follows;

(i) Assume the structure of ground except for the
surface layer.

(ii) Determine the natural angular frequency @, of
the surface layer.

(iii) Displacement spectrum on ground surface u(w)
is calculated by Eq. 6 from the acceleration
response spectrum of the ground type
corresponding to @;.

(iv) Spectrum of phase velocity of Love wave p(@)
corresponding to the thickness of the surface
layer corresponding @, and the profile of
seismic base layer is determined.

(v) Strain spectrum &) is calculated by Eq. 7.

2w

- )

pw)
(vi) g,,.. maximum of &) in the frequency range
less than @, , is obtained.
£, = max{e(w);w <y} (8)
(vii)Value of S(@) corresponding to ¢, is
calculated by Eq. 9.

e(m) = u(w)

T
S'If‘(ws)= Zp(ms )Emax (9}
(viii)Repeat the procedure (ii) to (vii) for all
frequency component.

The structure of base layer must be defined to
apply the proposed method which considers the
dispersion characteristics of phase velocity. We
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Figure 8 Comparison of MST spectrum with the
converted ERDB spectrum considering
dispersion of phase velocity.
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distance of 120 km.

Figure ¢ Comparison of SDM spectra with the converted average acceleration spectra considering

dispersion of phase velocity.

assumed 35 cases of base layer model, the thickness
of seismic base layer is 0, 100, 500, 1000 and 2000
m, as shown in Figure 7. The shear wave velocity
of the bedrock laying beneath the base layer is
assumed to be 3 km/sec. The surface layer whose
shear wave velocity is 160m/sec has various
thickness of 4 m to 200 m corresponding to the
natural period of surface layer of 0.1 sec to 5 sec.
The parameters in Eq. 6 are set to C,=2.0 and
C.=2.0.

Figure 8 is the comparison of MST spectrum
with the converted ERDB spectra considering the
dispersion of phase velocity. The spectra of the case
of 1000 m and 2000 m thick of the base layer were
so similar that only the case of 2000 m is plotted in
Figure 8. The case of 0 m is the same with the result
of the simple conversion method. The cases of
1000 m and 2000 m are well compared with the
MST spectrum. The MST spectrum can be
understood to be converted from the ERDB
spectrum considering the effect of dispersion of
surface wave corresponding to very deep deposit.
On the other hand, the MST spectrum may
overestimate the displacement of ground if it is
applied to the ground of type I or II which has not
thick base layers, like the cases of 0 m and 100 m.

In the case of the underground structure with
vertical axis, such as shaft and small underground
parking structure, it is not necessary to consider the
effect of horizontal travel of seismic waves and
therefore the simple conversion method is enough
to estimate the vertical distribution of the maximum
displacement beneath the ground surface. Thus,
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the UPL spectrum would provide a good estimate of
the vertical strain distribution in subsurface soil
layer for the seismic design of underground
structure with vertical axis, and will underestimate
the displacement of ground if it is applied to the
underground structure with horizontal axis.

4. RELATIONSHIP BETWEEN AVERAGED
ACCELERATION SPECTRA AND SDM
SPECTRA

Many attenuation equations have been proposed for
defining the average acceleration spectrum for
given magnitude and epicentral distance. ERDB
shows one of the aftenvation equations, which is
obtained by regression analysis on 394 components
of strong motion records. The average
acceleration spectra that is calculated by the ERDB
attenuation equation for different magnitudes and
epcentral distances are converted to SDM spectra
by the method proposed in the previous section.
Figures 9{a)(b) show the converted spectra
(case: 0 m and case: 1000 m) to compare with MST
and UPL spectra.  As discussed in previous
chapter, the case of 0 m should be compared with
the spectra for the underground structures with
vertical axis, such as UPL. On the other hand the
cases of 1000 m should be compared with the
spectra for the wunderground structures with
horizontal axis, such as MST. The converted
spectra agree with the design spectra for SDM.



5. DESIGN METHOD USING ACCELERATION
RESPONSE SPECTRUM ON GROUND
SURFACE

We propose a new design method for underground
structures based on the acceleration response
spectrum defined on ground surface. The
maximum displacement on ground surface, i, , is
obtained in terms of the acceleration spectrum on
ground surface, S,(T), as follows;

2

Uy = Cy - Cy -zh[zf-] S.(Ty) (10)
2n
where,

C, parameter for indicating non-stationary
properties of seismic motion. In the case
of stationary, the value must be 1.0.

C,: parameter for correcting the amplification
factor of the site.

h:  damping factor of §,(T).

T, natural period of the surface layer.

If C, =20 and C,=2.0 are adopted, the ERDB
spectra agree with the MST and UPL spectra.

The vertical distribution of displacement in the
ground, u(z), is given by

W(Z) = e Dy (7). 11

where, D,(z) is the function which represents the
vertical distribution of displacement, z the depth
from the ground surface. If the ground structure of
the site is approximately represented by the simple
model consisted of surface layer and seismic base
layer, the function D,(z) can be written by

(12)

where H is the thickness of the surface layer.

If the horizontal distribution of ground
displacement is needed, the ground structure deeper
than the seismic base layer must be considered.
The spectrum of the maximum displacement of
ground surface, u,(T) , can be obtained by Eq. 10
for the longer period than T,. The spectrum of
ground strain at the given depth g,T), is defined by

Dy (2) = cos—
W(D)=cos

o
p(T)
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where, p(T) is the spectrum of phase velocity which
is calculated from the ground structure. The
maximum value of &(7) is considered as the
horizontal ground strain for designing underground
structure.

6. CONCLUSION

(1) A new design method for underground
structures based on the acceleration response
spectrum defined on ground surface is proposed.

(2) The design spectra which have been defined in
the several design standards for underground
structures agree with the spectra converted from
the average response spectra by the proposed
method.

(3) The spectra defined in the “Technical Standards
of Petroleum Pipelines” or “Design Standards of
Multi-service Tunnels” may overestimate the
displacement of ground if it is applied to the
underground structures with vertical axis such
as a shaft within hard ground and shallow
sedimentary layers.
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ABSTRACT: The mechanism of flotation of a buried structure due to liquefaction of the surrounding soil requires 1) the
liquefaction of most or all of the ground surrounding the structure, 2) the structure is buoyant in the liquefied mass, 3)
no foundations or hold-down installation prevents flotation, 4) the liquefied soil mass is free to flow under the structure
as the structure floats. Traditional means include prevention of liquefaction by soil improvement or other means, or
holding the structure in its place by structural means. In this paper explores prevention of the flow of liquefied soil
under the structure, using the isolation principle. Walls are built around the structure to prevent the flow under the
structure and maintain the in situ total stress under the structure unchanged. Reconsolidation of the liquefied material
under the structure can, however, result in post-earthquake settlements.

1 INTRODUCTION

Pipelines, tunnels, underground tanks and other
underground structures can rise out of the ground when
the soil around and below liquefies. Case histories have
shown tanks and pipelines rising out of the ground due to
liquefaction, to be destroyed. No tunnels have yet been
seen rising out of the ground, but that may only be a
matter of luck. A pair of Californian tunnels may have the
potential to rise tunnels, unless remedial measures are
implemented before the next major earthquake. These are
the Posey and Webster Street Tunnels, highway tunnels
connecting the City of Oakland with the Alameda Island).

11th/12th Street Extt

Oakland

webster Constitution

Figure 1 Posey & Webster St. Tubes, California

2 THE ALAMEDA TUBES

The Alameda Tubes are two 12-m diameter immersed
tunnels, both about 1300 m long, placed in 1927 and in
1963 across the Alameda estuary, which is about 12 m
deep.

Construction of these tunnels required the dredging of 14
m deep trenches in the channel bottom, floating in the
tubes, one by one, connecting them, and backfilling the
trench by dumping dredged material to fill the trench and
cover the tubes (Figure 2). At that time there was no
appreciation of the mechanisms of liquefaction, and no
attempt was made to densify the soil. Hence, the backfill
around the Webster Street Tunnel consists of loose sand,
and that around the Posey Tunnel consists of mixed
dredged backfill, soft clays and loose sands.

Evidence from the 1989 Loma Prieta earthquake (M=7.1,
160 km distant) clearly showed that portions of the trench
backfill had liquefied. The maximum credible earthquake
for the Alameda Tubes is a M,=7.25 event at the
Hayward Fault, only 6 km distant. Such an event most
probably would result in flotation and virtual destruction
of the Tubes.

Loose backfill soil:
"”\ Clean sand for Webster Street Tube 4%2-':
"3Clay and sand for Posey Tube  Slope f
3 S | Ve
Concrete Tube —___— ~Heavy V.
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N
'Sl"::riznnc =% }’:ﬁ situ Soil:
& 4% Merritt Sand,
Tk B, 3_'\'k Soft Bay Mud
1.5m Loose Sand™ T _;,-,j‘;-

Figure 2 Typical Tube Section in Submarine Trench




The retrofit of these tunnels to prevent flotation posed a
difficult problem, because most logical remedies appeared
to be infeasible, It was therefore necessary to examine the
fundamental principles of flotation due to liquefaction to
find a feasible retrofit.

3 MECHANISM OF FLOTATION

In a liquefied soil mass, the maximum liquefied pressure is
equal to the total overburden pressure. Flotation of a
structure buoyant in the liquefied soil mass occurs when a
flotation mechanism is created. This flotation mechanism
requires freedom of the liquefied material to flow around
and below (see Figure 3). For flotation to occur the
following must happen:

1. Partial or full liquefaction of the surrounding soil

2. The structure must be lighter than the liquefied soil
mass it displaces; it is buoyant in the liquefied soil mass
Nothing holds the structure from floating, npiles,
anchors, hold-downs

The liquefied material must have mobility and be able
to flow as the structure rises.

3

4,

The components of the flotation mechanism are each
examined to determine a feasible way to prevent flotation.
All four components must be active or present to cause
flotation. The elimination of just one component will
climinate flotation.

4 PREVENTION OF LIQUEFACTION

If the problem is recognized at the time of the design of
the structure, there are a number of means to choose
from. The most effective ones would appear to prevent
liquefaction altogether.

Conventional means to prevent liquefaction includes
removal and replacement of offending material,
improvement by densification or grouting, deep
foundations, anchors or hold-downs. Another ground
improvement method could consist of permanent
dewatering, most effective if the area is enclosed so that
the pumping or drainage requirement is not excessive.

Ground improvement can be achieved by any one of a
number of methods that may be applied before the

“"-3>‘}\ Loose Backfill Soil I P
) A
\\ Flow of !?
", Liquefied Displaced Tube i
%, Soil  (Flotation) ped
\'L‘.-,\ { \ s
B\ ?  Insitu

N A

Figure 3 Backfill liquefaction and tube flotation
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structure is placed into the ground. Examples include:

1. Replacement of the offending material with non-
liquefiable material

Deusification of the material by vibroflotation, deep
densification, compaction grouting or similar means
Changing the properties of the ground by injection
grouting, jet grout column installation, or similar.

2

3.

For the Alameda Tubes, soil material replacement was out
of the question, because the tubes would be buoyant even
in sea water, making the removal of the soil material
around the tubes, even along short lengths, could result in
flotation. Densification of the soil mass would be feasible,
‘but reaching under the tubes to densify the soil beneath
the tubes proved virtually impossible,

Grouting of the soil mass under the tubes would be
technically feasible, through numerous grout holes drilled
through the tube bottom from the lower air plenum.
During this operation the tunnel could ot be operated as
a traffic tunnel, and each drill hole would have to be
secured against a catastrophic inflow of soil and water at
a pressure of some 20 m of water head. This risk was
considered unacceptable.

Grouting beneath the tube could also be accomplished
using directional drilling from floating equipment in the
estuary. Low-angle drilling would be required, at great
precision, and there would be a danger of damaging the
exterior water proofing of the tubes. Besides, the Port of
Oakland uses the estuary daily and would not look kindly
at a continuous disruption of the navigable waters. This
solution was therefore not considered attractive.

MECHANICAL  MEANS
FLOTATION

5 TO  PREVENT

If a structure is made denser than the potential liquefied
soil mass it will not float. Foundation failure or excessive
settlements, however, can result, unless the structure has
deep foundations. Gravity dry-docks are designed to
resist the buoyant force of water. For storage vessels and
most tunnels or pipelines, this solution is usually not
economical. For most existing structures, such as for
example the Alameda Tubes, this solution is physically
impossible.

For a potentially buoyant structure to be held in place in a
liquefied soil mass, two components are usually needed:
Anchors to prevent flotation and deep foundations to
prevent sinking during reconsolidation of the liquefied soil
mass. These remedies are reasonably easy to install at the
time of initial construction, though sometimes expensive.
In fact, dry-docks and some depressed highway structures
have been built to incorporate permanent tie-down
anchors. For the Alameda Tubes the buoyancy forces in a
liquefied soil mass would be so great as to make this
solution impractical.

These methods basically attack the first three elements of
the flotation mechanism. A new concept to prevent
flotation is presented in the following.



6 PREVENTING FLOTATION USING

ISOLATION PRINCIPLE

THE

This new concept attacks the fourth component of the
flotation mechanism, the mobility of liquefied material. If
not permitted to flow under the structure (the isolation
principle} the maximum liquefied pressure under the
structure is precisely equal to the weight of the structure
and is thus in equilibrium, and the structure does not float.
Barriers are created alongside the structure to prevent
mobility of the liquefied material under the structure.

Many kinds of installations can be employed for isolation,
provided that they can withstand the differential liquid
pressures on the sides. The barrier also must not liquefy
and permit flow. Suitable installations may include
densified, non-liquefiable soil, grouted soil mass,
diaphragm walls, sheet pile walls of sufficient strength and
rigidity, and others.

The final design selected consists for the Webster Street
Tube of soil densification using displacement gravel
columns on both sides of the Tube (Figure 4). The
displacement would cause adequate densification of the
loose sand backfill to prevent liquefaction. The design of
the stone columns was based on the method proposed by
Onoue (1988). The gravel drains would also provide
drainage of excess porewater pressures, quickly enough
to prevent liquefaction. The backfill material around the
Posey Tube consists of a mixture of sands and clays, not
thought amenable to densification and drainage. Here the
(more expensive) final design consists of two rows of jet-
grout columns forming a wall on both sides of the Tube

(Figure 5).

6.1 Applicability of isolation principle

The new concept is partly supported by centrifuge
modelling tests and some field evidence from large
earthquakes. This information is mostly from Japanese
case histories and modeling (Boulanger et. al. 1997). In
fact, based on the case histories, while flotation can be
prevented, settlements may occur during or after the
earthquake event.  Eventual dissipation of  excess
porewater pressures and reconsolidation of the underlying
material can result in some settlement of the structure as
the soil reconsolidates. However, if the net weight of the

~ Stone
-’Cclumné\

0.6m 3] 1
Penetration into |—24

In Situ Soil

Figure 4 Stone columns, Webster Street Tube
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structure is small, then the reconsolidation pressure is also
small, and the settlement would be due mainly to the
rearrangement of sand grains after liquefaction.

The settlement would then appear to be a function of the
following factors:

1. The reconsolidation pressure existing under the
structure after the earthquake event

The thickness and density of the liquefiable mass
under the structure

Any additional supporting elements helping the
structure staying in place

2

3.

The consequences of any such settlements would depend
on the relative flexibility and continuity of the structure.
For the Alameda Tubes we consider the following factors:
1. While the sand fill under the tubes is assumed to be
loose, the thickness is only about one m

The wvertical effective (reconsolidation) stresses
beneath the tubes are very small, as the tubes are very
light

Individual tube elements are about 60 m long and
individually quite rigid and able to resist longitudinal
bending

Installation piles were placed at each tube joint,
adding some resistance to settlement

The installation of the isolation walls lend some
vertical shear capacity along the sides of the tubes

2

Needless to say, an estimate of the resulting settlement
and its distribution would be difficult to prepare,
considering the unknowns in this analysis. Assuming a
possible reduction in the one-m thickness of the soil
beneath the tubes and some resistance to settlements from
the factors discussed, we estimate a maximum settlement
of the order of 50 mm, considered acceptable.
Considering the uncertainties of the analyses, however,
some repairable cracking damage cannot be excluded.

7 CONCLUSION

These two applications of the isolation principle to
counteract the flotation mechanism will be installed in
1999. However, we hope to wait many years to witness
the final field verification of the concept.

Jet Grout
Column Wall

Figure 5 Jet Grouting for Posey Tube
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Studies of the state parameter and liquefaction resistance of sands

Y.C.Chen & T.S.Liao

National Taiwan University of Science and Technology, Taipei, Taiwan

ABSTRACT: Steady state lines of remolded samples of Mailiao sands were obtained by performing
undrained triaxial tests. The effects of stress path, fines content, and over-consolidation ratio (OCR) on the
steady state line are studied. Liquefaction resistance was obtained by performing undrained cyclic triaxial
tests. The relationship between state parameter and liquefaction resistance is investigated. Test results show
that larger state parameter corresponds to lower liquefaction resistance. Linear relationship exists between

state parameter and liquefaction resistance.

1 INTRODUCTION

The mechanical behavior of sand is mainly con-
trolled by its density and confining stress. Other
factors, such as fabric, grain properties, etc. also
have minor effects. Relative density is commonly
used to describe the state of sand. However, it is
well known that relative density cannot fully de-
scribe the mechanical behavior of sand. Therefore a
parameter, which can incorporate the density and
stress state of soil, is needed to characterize the en-
gineering behavior of sand. To establish a rational
engineering approach to constructing structures on
hydraulic sand fill, Been & Jefferies (1985) devel-
oped a state parameter concept to characterize the
sand behavior. They found that significant engi-
neering design parameters are dependent on the state
parameter. Recently, quite a few hydraulic sand fill
islands are being or will be constructed on the west-
ern coast of Taiwan to be used as indusirial parks.
Therefore, it would be beneficial to apply the state
parameter concept in designing these islands.

Been & Jefferies (1985) propose to use the steady
state line (SSL) on the e-log [' plane as the reference
line. State parameter, W, is defined as the differ-
ence between initial void ratio and the corresponding
void ratio at the same stress level on the steady state
line. State parameter combines the influence of den-
sity and stress so that it can reasonably characterize
many important engineering behaviors of sand, as
well as liquefaction resistance.

Initial liquefaction indicates a condition where,
during the course of cyclic stress applications, the

residual pore water pressure on completion of any
full stress cycle becomes equal to the applied con-
fining pressure. In this paper, liquefaction resistance
is defined as the cyclic stress ratio required for soil
to reach initial liquefaction at a certain number of
cyclic loading.

Previous researches mostly concentrated on nor-
mally consolidated samples, very few studies were
conducted on over-consolidated samples. Hydraulic-
filled sand layers are usually in loose condition and
vulnerable to liquefaction. Soil improvement is
commonly applied to increase the relative density of
soil so that the structures can be built safely. There-
fore, the soil is usually in over-consolidated condi-
tion.

This paper will discuss the relationship between
liquefaction resistance and state parameter under
over-consolidated condition.

2 LITERATURE REVIEWS

Steady state of sand refers to the state that sand con-
tinuously deform at constant volume, constant ef-
fective stress, constant shear stress, and constant
strain rate (Been & Jefferies, 1985, Been et al.,
1991). Only until fabric is totally restructured, all in-
fluence of particle orientation is stable, and all
crushing of particles is completed, a steady state can
be achieved. Steady state line is the loci where soils
reach steady state from various void ratios and stress
states. The original structure of specimen only has
minor effect on the stress-strain behavior during the
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beginning stage of shearing. But 'flow' structure and
its corresponding strength are independent of its ini-
tial structure. Major factors influencing steady state
line of sand include fines content, particle shape,
stress path, and magnitude of effective stresses.
Some of the major previous research results are
summarized in the following paragraphs.

Fines content affects the location and slope of
steady state line on e-log I' plane. With increasing
percentage of fines, steady state line moves lefiward
with changing slopes (Been & Jefferies, 1985, Do-
bry et al., 1985, Konard, 1990). It is also noted that
well-rounded sand has falter slope of steady state
line than sand of angular shape (Konard, 1990,
Poulos et al., 1985). Some researches indicate that
steady state line is independent of the stress path that
soil specimens experienced during shearing (Been et
al.,, 1991, Castro et al., 1992). However, there are
other studies showing that different steady state lines
can be obtained from different stress paths (Kuerbis
etal., 1988, Vaid et al., 1990). It is generally agreed
that either it is a stress-controlled or a strain-
controlled test that steady state line is approximately
the same (Castro et al., 1982), Rate of shearing al-
so does not have any obvious influence on steady
state line (Negussey et al., 1988).

Magnitude of effective stress affects the shape of
steady state line (Been et al., 1991, Castro et al,,
1992), With effective stress less than 5 kglem’,
steady state line is a straight line. Steady state line
will curve downward when effective stress exceeds
10 kg/em’. The reason is that the sand particles crush
at higher confining stress and the fines content in-
creases. Anisotropic consolidation does not signifi-
cantly influence the steady state line (Castro et al.,
1992). When soil specimen reaches its steady state,
initial fabric of sand is totally restructured. Thus,
method of sample preparation does not have signifi-
cant influence on steady state line (Been et al., 1991,
Poulos, 1981, Poulos et al., 1985).

There are three major categories of saturated sand
behaviors under cyclic undrained shearing, namely
flow liquefaction, limited liquefaction and cyclic
mobility (Vaid & Chern, 1985). These three types of
liquefaction behaviors are closely related to the ini-
tial state of sand. If the initial state of sand is located
on the right hand side of the steady state line {con-
traction side), flow liquefaction may occur. If the
initial state of sand is located on the left hand side of
the steady state line (dilation side), cyclic mobility
may occur. If the initial state is very close to the
steady state line, limited liquefaction may occur.

Chen & Tseng (1998) showed that the liquefaction
resistance decreases with increasing state parameter
in a more or less linear relationship. It is possible to
estimate the in-situ liquefaction resistance by esti-
mating the state parameter.
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3 TEST PROGRAM
3.1 Test Material and Equipment

Soil samples were obtained from Mailiao industri-
al park on the southwestern coast of Taiwan. This
industrial park is a hydraulic-filled reclamation site
for the use of Sixth Cracking Project of Formosa
Plastics Group. Because Taiwan is located on the
western border of the Circum-Pacific Belt which has
more than thousand times of earthquakes every year,
reclaimed land especially needs to be assessed care-
fully and effective treatments are necessary to assure
the safety of equipment and structures. Both dy-
namic compaction and vibro-replacement stone co-
lumn methods were adopted to compact the loosely
filled silty sands in Mailiao.

The soil particles of Mailiao sand are sub-angular
and flat, which are the fragments of slate. Natural
soil has fines contents between about 0 to 20%. The
remolded samples used in this paper have fines
content of 5, 10, and 15%. The physical properties
of soil samples are shown in Table 1.

Triaxial tests were performed by using triaxial cell
with enlarged lubricated ends to eliminate the effects
of end restraints. Cyclic friaxial apparatus were used
to perform undrained triaxial tests to investigate the
liquefaction resistance of samples.

Table 1. The physical properties of soil samples

F.C. (%) 5 10 5
D, | 0285 0.260 0.240
Dy, 0.250 0.220 0.205
D, 0.180 0.180 0.150
D, 0.100 0.074 0.057
C, 2.850 3.514 4211
C, 1137 1.684 1.645
G, 2.702 2.700 2.704
e, 1.279 1151 1.031
e 0.739 0.595 0.440 |

3.2 Test Conditions

Specimens of different relative densities were pre-
pared either by dry tamping or moist tamping meth-
ods. The soil was poured into the mold in five equal
layers to control the density and achieve uniformity.
Specimens were circulated with CO, and de-aired
water and subjected to a backpressure of 200 kPa to
ensure good saturation.

For the steady state tests, specimens were consoli-
dated at different effective confining pressures first,
then subjected to either undrained compression or
extension tests. This is to understand the effects of
stress path on the steady state line. To investigate the
effects of overconsolidation, specimens were con-



solidated to a higher effective confining pressure,
then unloaded to a lower pressure to achieve the
state of overconsolidation. Overconsolidation ratios
{OCR) of 2 and 4 are chosen in this study. After
specimens were consolidated at the desired OCR,
they were subjected to undrained triaxial compres-
sion or extension iests to determine the steady state
lines at different OCR.

For liquefaction tests, specimens were prepared
and consolidated to have three kinds of relative den-
sity, 40, 55, and 70%. After consolidation, speci-
mens were subjected to undrained cyclic triaxial
tests until initial liquefaction achieved.

4 RESULTS AND DISCUSSIONS
4.1 Results of Steady State Tests

Both triaxial compression and extension tests were
performed to investigate the effects of stress path on
the steady state lines. Figure 1 shows the results of
steady state lines obtained from triaxial compression
and extension tests for Mailiao sand with 5% fines
content. It is shown that the steady state line from
extension fests is on the left side of the line from
compression tests. This is the same behavior as ob-
tained by Vaid et al. (1991) and Chen & Tseng
(1998). The possible reason is as follows. The long
axes of the particles of the samples are lying mostly
on the horizontal direction due to the flat particle
shape and the sample preparation methods. During
undrained shearing, the anisotropic particle orienta-
tion could not be erased completely even at large
strain condition.

Figure 2 shows the results of steady state shear
strengths obtained from triaxial compression and
extension tests for Mailiao sand with 5% fines con-
tent. It is shown that the steady state shear strength
from compression tests is slightly larger than that
from extension tests. The anisotropic particle orien-
tation that has more particles lying on the horizontal
direction at the steady state is more resistant to the
vertical loading than the horizontal loading. This
contributes to the higher steady state shear strength
from compression tests.

Figure 3 shows the results of steady state lines of
Mailiao sand with different fines content. It is shown
that the steady state line will shift leftward and
downward with increasing fines content. The slope
of the steady state line will decrease with increasing
fines content. It is the same behavior as been found
by Dobry et al. (1985) and Chen & Chen (1996), but
contradicts to Been & Jeffery (1985). Other factors
will also affect the slope and location of the steady
state line, such as gradation and particle size. Gra-
dation and particle size will change when changing
the fines content. It is very difficult to isolate the ef-
fects of fines content from other factors. So. when

discuss the effects of fines content on the steady
state line, the influences of other possible factors
should also keep in mind.

Test results show that steady state shear strength
will also decrease with increasing fines content.
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Figure 1. Steady state lines of Mailiao sand obtained
from triaxial compression and extension tests.
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To investigate the effects of overconsolidation on
the steady state line, samples were consolidated at
higher confining stresses first, then unloaded to low-
er confining stresses. After consolidated at desired
overconsolidation ratio, samples were subjected to
either undrained triaxial compression or extension
tests. Figure 4 shows the results of steady state line
determined by triaxial extension tests for samples
with 5% fines content. It is shown that overconsoli-
dation ratio has no effects on the steady state line.
Results of triaxial compression tests also show the
same behavior. The steady state shear strength is al-
so not affected by overconsolidation ratio.

The fabric induced by the overconsolidation
would generally be erased completely by the process
of steady state deformation. The steady state line as
well as the steady state shear strength is, therefore,
not affected by the overconsolidation ratio.
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Figure 4. Effects of overconsolidation on the steady
state line (triaxial extension tests, fines content=35%)

4.2 Results of liquefaction resistance

Figure 5 shows the results of liquefaction resistance
for normally consolidated samples with confining
pressure 98 kPa and 5% fines content. It is found
that liquefaction resistance increases with increasing
relative density more or less linearly for the range of
40 to 70%. The results of liquefaction resistance for
samples with OCR= 2 and 4 have the same tendency
as normally consolidated samples.

To study the effects of overconsolidation on
the liquefaction resistance, samples were consolidat-
ed at OCR=2 and 4 but had the same relative densi-
ties as normally consolidated samples. Figure 6
shows the results of liquefaction resistance for sam-
ples with 40% relative density, 5% fines content and
different OCR. It is shown that samples with higher
OCR would have higher liquefaction resistance. Sin-
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ce relative density is same for all samples, other
factors are responsible for the higher liquefaction re-
sistance with higher OCR. Overconsolidation would
increase the degree of cementation between particle
contacts, would change the state of fabric (increas-
ing average particle contact number), and would,
therefore, increase the liquefaction resistance.
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Figure 5. Liquefaction resistance for normally con-
solidated samples with confining pressure 98 kPa
and 5% fines content.
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Figure 6. Results of liquefaction resistance for sam-
ples with 40% relative density and different OCR.

Figure 7 shows the effects of overconsolidation
ratio on the liquefaction resistance of samples with
40% relative density and 98 kPa confining pressure.
Similar results could be found for samples with 55%
and 70% relative density and at different confining
pressure. It is found that the relationship between
liquefaction resistance and overconsolidation ratio is
best represented by the following equation.

(T/0 o =(T/0" ) X VOCR (N



From equation 1, the liquefaction resistance for
overconsolidated samples could be calculated by
multiplying the liquefaction resistance for normally
consolidated samples with the square root of OCR.

Figure 8 shows the results of liquefaction resis-
tance for samples with different fines content and at
98 kPa confining pressure. It is shown in the figure
that increasing fines content would decrease the lig-
uefaction resistance.
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Figure 7. Effects of overconsolidation ratio on the
liquefaction resistance of samples with 40% relative
density and 98 kPa confining pressure.
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Figure 8. Effects of fines content on the liquefaction
resistance for samples with 40% relative density and
at 98 kPa confining pressure,

4.3 State parameter and liquefaction resistance

Figure 9 shows the relationship between state
parameter and liquefaction resistance at 10 cycles
for samples with different overconsolidation ratio. It
is shown in the figure that at the condition of same

overconsolidation ratio, liquefaction resistance de-
creases more or less linearly with increasing state
parameter.
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Figure 9. Relationship between state parameter and
liquefaction resistance at 10 cycles
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Figure 10. Relationship between state parameter and
normalized stress ratio at 10 cycles.

The state parameter seems to be a good index to
estimate the liquefaction resistance. The relationship
between state parameter and liquefaction resistance
is, however, affected by overconsolidation ratio. The
reason is that overconsolidation has no effect on the
steady state line but affects the liquefaction resis-
tance a lot. To eliminate the effect of overconsolida-
tion on the relationship between state parameter and
liquefaction resistance, liquefaction resistance
should be normalized by the square root of OCR.
Figure 10 shows the results of normalized resistance
versus state parameter. After normalization the rela-
tionship between state parameter and liquefaction
resistance becomes unique.
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5 CONCLUSIONS

This research performed triaxial tests and cyclic tri-
axial tests on remolded samples of Mailiao sand
with different fines content, relative density, and
overconsolidation ratio. The effects of stress path,
fines content, and overconsolidation ratio on the
steady state line are investigated. Liquefaction re-
sistance under different overconsolidation ratio is
obtained and the relationship between state parame-
ter and liquefaction resistance is studied. Conclu-
sions of this paper are as follows.

1. Stress path has some effect on the steady state
line. Steady state line of triaxial extension test is lo-
cated on the left side of the line obtained from fri-
axial compression test. The soil particle shape of the
samples is very flat. This may contribute to the dif-
ferences.

2. Overconsolidation has no effect on the location
and slope of the steady state line.

3. Steady state line will shift leftward with in-
creasing fines content, and the slope of the steady
state line will decrease with increasing fines content.

4, Liquefaction resistance increases linearly with
the square root of overconsolidation ratio.

5. Liquefaction resistance decreases with in-
creasing fines content at the condition of same rela-
tive density.

6. A unique relationship exists between state
parameter and liquefaction resistance if the lique-
faction resistance is normalized by the square root of
overconsolidation ratio. Liquefaction resistance de-
creases with increasing state parameter.
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Liquefaction resistance based on the energy dissipation capacity
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ABSTRACT: So far only a few attempts have been made to evaluate the liquefaction resistance from a ductility
view point. The authors propose a new concept to evaluate the ductility of soils against liquefaction. This
method is based on the energy dissipation capacity obtained from stress-strain relationships. This concept
makes it possible to evaluate the liquefaction strength against big earthquakes like the 1995 Hyogoken-Nambu
earthquake. The energy dissipation capacity for various soils were studied by using strain controlled cyclic tri-
axial test, To confirm the validity of the method proposed, we compare the results for Masado soil at Kobe Port
Island obtained from elementary test, array observation data and seismic response analysis. Energy dissipation
capacity obtained from above the three procedures shows very consistent results.

1 INTRODUCTION

Following the 1995 Hyogoken-Nambu Earthquake, it
is well known that Port Island was covered with sand
boils due to liquefaction. The reclaimed material used
to construct the artificial island was decomposed
granite soil. The soil called Masado is well-graded
and an easy crushing of soil particles. So far, it is con-
sidered that the well-graded material such as the
Masado causes no liquefaction (Port & Harbour Res.
Inst. 1997).

This big earthquake gave us a new problem with
relation to the liquefaction resistance of soil. One ex-
ample is the liquefaction resistance for the soils that
had been considered as non-liquefiable soils, such as
clayey and gravelly material. The other is the lique-
faction resistance subjected to an extra large stress
loading with small number of cycles. In other words,
it is necessary to estimate a ductility nature of soils.

Liquefaction strength of soils is currently evalu-
ated by cyclic triaxial test under stress controlled con-
ditions. In case of using the cyclic triaxial test under
stress controlled conditions, liquefaction of soil is de-
fined when the axial strain double amplitude reaches
the value prescribed. Relations between shear stress
ratio and the number of cycles is, as it is well known,
called liquefaction strength curve or undrained cyclic
shear strength, and gives the relation-like fatigue
curve for the metal. So far, the following drawbacks
of this concept pointed out were : (1) Difficulty in ob-
taining the strength of soil subjected to large stress
loading with few cycles, (2) Variations in strain rate
duing the test, and (3) Reliability of liquefaction be-
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havior in extra large strain levels. However, the most
essential drawback to such a concept is the impossi-
bility for distinguishing the liquefaction of sandy soil
with a sudden loss of shear strength from the fatigue
failure in cohesive soils. As far as we use the current
concept, a major concern is the alternative conclusion
whether the soil will liquefy or not.

In this paper, the authors propose a new concept
for evaluating the liquefaction resistance of soil from
ductility viewpoint. Concepts proposed here will be
explained by laboratory test results for various soils
and a case study for Kobe Port Island during the 1995
Kobe earthquake (Kazama et al., 1998a,b).

2 LIQUEFACTION RESISTANCE BASED ON
ENERGY DISSIAPTION CAPACITY

2.1 Material used for laboratory testing

The grain size distributions of the soils used in this
study are shown in Fig.1. Toyoura sand is clean fine
sand and its mean grain size is 0.1 to 0.2mm. Haneda
soil is a reclamation soil used in the construction of
New Tokyo International Airport, and has over 35%
fines. Typical alluvial clay sampled from Inae district
in Miyagi prefecture has a plastic index of 50%.
Masado is the decomposed granite soil sampled from
Kobe Port Island and liquefied completely during the
1995 Kobe earthquake. In the laboratory test for
Masado, only material under 2mm in grain size was
used. This treatment was necessary to avoid mem-
brane penetration phenomena.



2.2 Liquefaction behavior from ductility view point

Figure 2 shows the results of the undrained cyclic tri-
axial test of Toyoura sand and alluvial clay under a
constant strain controlled condition. When paying at-
tention to the results of Toyoura sand, in continued
cyclic shearing, the excess pore water pressure in-
crease gradually, and reaches a value close to the ap-
plied initial hydrostatic pressure. Corresponding to
this pore pressure build up, we can observe the de-
crease axial stress that is an indication of the resistant
force of the soil specimen. Finally, the stress-strain
relationship becomes flat. This stage is regarded as an
ultimate stage of so called liquefaction.

In contrast, in case of alluvial clay, even if excess
pore water pressure increases up to 80% of initial hy-
drostatic pressure, the shear resistance still remains
70% of initial shear resistance, and reaches steady
state in cyclic shearing. This is typical behavior for
clayey material. Therefore, if liquefaction is defined
by a loss of shear resistance at the strain level pre-
scribed, it is possible to conclude that this alluvial
clay is non-liquefiable soil.

Fig.3 shows the secant shear modulus reduction
with number of cycles for various soils obtained from
the same tests. In Fig. 3, the vertical axis is the secant
modulus normalized by a secant shear moduli G, at
initiaf loading. As shown in this figure, the finer and
the denser soil subjected to cyclic loading shows the
smaller reduction of secant modulus.

‘When paying attention to the energy dissipation
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capacity in the material, we can estimate it by inte-
grating the area covered with stress-strain loops. This
example of cyclic triaxial test makes it clear that liq-
uefaction corresponds to the final stage in which no
more dissipation energy accumulated in soil. There-
fore, a liquefiable soil has an upper limit of the energy
dissipation capacity. On the other hand, alluvial clay
accumulates constant energy as a material damping
continuously. Thus, it can be said that this material
has much more ductility nature compared with lique-
fiable sandy material. This is why the idea stands duc-
tility point of view and energy dissipation capacity
should be an index to represent the liquefaction resis-
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Fig. 4 Energy dissipation process for various soils
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studies have been made on energy dissipation, some-
times it is called a shear work (for example, Towhata,
1985, Sugano, 1992, Okada 1994). From these studies
it has been found that the process of excess pore water
pressure builds up corresponds to that of dissipation
energy accumulation and that the stronger soils has a
larger energy dissipation capacity.

Fig.4 shows the energy dissipation process ob-
tained from the tests. For all sandy soils except for the
clay, the dissipation energy is saturating gradually.
Apparently for Haneda soil, the energy was still accu-
mulated after 80 cycles were applied. The energy dis-
sipation capacity for Toyoura sand is seriously depen-
dent on the relative density. However, the energy dis-
sipation capacity for Masado soil has a small depen-
dency on the relative density. This point will be dis-
cussed in the following section.

Combining the result of Fig.3 and Fig.4, the rela-
tion between the dissipation energy and secant modu-
lus reduction is obtained as shown in Fig.5. If an input
earthquake motion will be given at a site and the dissi-
pation energy generated due fo the earthquake will be
evaluated by response analysis, it is possible to evalu-
ate the degree of liquefaction by using Fig.5.
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reduction and dissipation energy for various soils.

3 CASE STUDY FOR KOBE PORT ISLAND
3.1 Liquefaction characteristics of Masado

Many researchers has investigated liquefaction
strength of Masado after the 1995 Kobe Earthquake.
Zen & Yamazaki (1996) and Hatanaka et al. (1997)
conducted large scale cyclic triaxial tests of Masado
sampled from Port Island by undisturbed frozen sam-
pling method. The dimensions of the specimens are
30cm ¢ X 60cm and 15cm ¢ X 30cm respectively.
Comparing the results for the reconstituted Masado,
liquefaction strength of undisturbed specimen was a
little larger than that of the reconstituted specimen. In
addition to this, many researchers also conducted the
cyclic triaxial tests for the reconstituted Masado with-
out gravel content.

 According to these tests results, the following fea-
ture of Masado were found; (1) Masado has large par-
ticle size but low liquefaction strength, and nearly
equal to that of Toyoura sand with a relative density
of about 70%; (2) It is difficult to make a specimen
with the specified relative density because of consoli-
dation during saturation; (3) Liquefaction strength
does not so increase with increasing relative density;
and (4) Strain amplitude was incidentally developed
comparing to fine clean sand. These results were dis-
cussed from undrained shear strength curve, so called
liquefaction strength curve.

3.2 Dissipation energy capacity inferred from array

The authors (1996) had already studied stress-strain
relationships by using strong motion array records at
Port Island. The liquefaction process of the reclaimed
ground has also been studied using cyclic simple
shear testing controlled by the inferred stress time his-
tory. In this section we show the energy dissipation
capacity inferred from the array records. Since there
is no doubt on that the reclaimed Masado reached
complete liquefaction during the main shock, the dis-
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sipation energy accumulated in the ground due to the
earthquake corresponds to the energy dissipation ca-
pacity of Masado.

When time histories of shear stress and shear
strain are given, the dissipation energy accumulated
is calculated as follows.

AWG) = frat = [0 10 @)

Applying this calculation to the stress-strain relation-
ship inferred from the observed strong motion
records, we estimate the energy dissipation capacity
of the in-situ condition as shown in Fig.6. In Fig.6, we
normalized the dissipation energy by its initial
overburden pressure at the depth shear stress calcu-
lated. Comparing the dissipation energy accumulated
in each layer, it is found that the upper layer behaves
much more plastic and that the larger energy is dissi-
pated as material damping. This is evidence that the
behavior of Masado soil was beyond the elastic re-
gion. Regarding the dissipation energy in the re-
claimed layer, it saturated at ten seconds before earth-
quake motion terminates. Therefore, the reclaimed
ground reached the ultimate stage behaving like a lig-
uid at 10 seconds, in which no more shear stress was
transmitted to the upper layer as shown in Fig.7. The
saturated values are 0.016 in NS component and
0.009 in EW component. If the energy in two direc-
tions can be superimposed, total dissipation energy
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Fig. 7 Shear stress ratio at the depth of K.P -4m in
reclaimed Masado layer inferred from array data.

will be 0.025.

3.2 Energy dissipation capacity obtained from strain
controlled cyclic triaxial test.

The authors have conducted strain controlled cyclic
triaxial test for obtaining the energy dissipation ca-
pacity. Table 1 shows the physical properties of soils
used here. To compare the ordinary fine clean sand
material, Toyoura sand was used as representative of
standard clean sand. The relative density in initial dry
state and after isotropic consolidation to 98kPa was
shown in Table 2. It was found that the volumetric
change of Masado specimen during water saturation
and consolidation is considerably large compared
with Toyoura sand. According to the previous study
by the authors (Kazama et. al 1998b), only small com-
pact energy is necessary for compacting Masado up to
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Table 1. Physical properties of soils

o, {g/em®) Dy(mm) e_* e_* fines
Masado 2.6044 0.57 1045 0535 18%
Toyoura sand 2.64 0.1-0.25 0.967 0596 0%

“as defined by Japancse standards

Table 2. Test conditions

Masado Toyoura sand
" No. Dr(%) Di(%) N | No. Dr(%) Dri%) N
MS1 20 40 0 |TYL & o 0
M52 37 31 0 |TY2z 18 18 0
MS3 41 31 0 |TY3 36 37 15
M54 54 68 2 |TY4 38 38 a0
MS5 72 B3 5 |TYs 45 47 100
MS6 68 79 10| TY6 46 48 200
MS7 70 8 10 |TY7 36 57 0+
MSE 75 77 15| TYs 72 730t
Ms9 73 88 15 |TY% 7B 8+
MS10 76 86 20 | TY10 79 8+

Dr, =initial relative density in dry state
N=number of weight drop per unit layer
*compacted by mallet

the void ratio in loosest state compared with Toyoura
sand. It is likely to be a typical nature of well-graded
soils.

Meanwhile, for sandy material, there is other im-
portant nature that shear resistance will recover in a
large strain level due to its dilatancy characteristics.
Energy dissipation capacity under certain strain level
must be much smaller than the capacity under the
larger strain level. Therefore, step loading procedure
was used for all test, in which the strain double ampli-
tude was from 0.7% to 20%. For one loading stage,
cyclic load was continuously applied until the shear
resistance decreases 10% of initial shear resistance or
100 times. During the loading stage undrained condi-
tion had been kept completely. Detailed testing pro-
cedure is shown in the other paper (Kazama et.al.
1998c).

Masado is regarded as a problematic soil due to the
easy particle crushing. Before the step-loading test,
single loading step tests were conducted for investi-
gating effects of confining pressure varying from 98
to 294kPa on the dissipation energy. Its relative den-
sity after consolidation was from 88% to 97%. The
unique relation was obtained from the test between
the dissipation energy normalized by the confining
pressure and the wave number applied, as shown in
Fig.8. No effect due to the particle crushing was ob-
served in this stress level.

Fig.9 shows the comparison of the dissipation en-
ergy accumulation in each strain step, the larger strain
level is applied the larger energy dissipation capacity
was observed. It is indication of a recovery of stiff-
ness due to dilatancy. Increase of energy dissipation
capacity of Masado with strain amplitude is relatively
small compared with that of Toyoura sand. It relates
the facts that only small compact energy is necessary
to make dense Masado.

Fig.10 shows the relation between the relative den-
sity and dissipation energy capacity at shear strain
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level 1.5%. Apparently, the energy dissipation capac-
ity for Toyoura sand is seriously dependent on the
relative density. However, the energy dissipation ca-
pacity for Masado shows a small dependency on the
relative density. In other words, energy dissipation
capacity of the Masado in-situ condition should be the
almost same value as the test results, We have to pay
close attention to that the energy dissipation capacity
of Masado is about 0.02-0,03, The range of the values
is well consistent with the value inferred from array
records.



3.3 Dissipation encrgy obtained from seismic re-
sponse analysis

To use the liquefaction resistance proposed here, we
have to estimate the dissipation energy generated by
the design earthquake. In this section, a simple
method for estimating the dissipation energy in the
ground will be explained. Example is the Kobe Port
Island array observation site during the 1995 earth-
quake.

In general, the dissipation energy can be calcu-
lated by a nonlinear seismic response analysis such as
an effective stress analysis. However the effective
stress analysis itself is liquefaction analysis, and then
we will lose the motivation to calculate the dissipa-
tion energy for evaluating liquefaction potential. Fur-
thermore, the result must strongly depend on the con-
stitutive equations used in the analysis. Therefore, in
this study, the energy dissipation was calculated by
the equivalent linear analysis to be usually used in the
design work.

There is the following relation between the elastic
energy Wy and the plastic energy AW consumed as a
material damping.

1 AW

=, 1

&
where heq is damping ratio for the soil. Using this rela-
tion, we can estimate the dissipation energy accumu-
lated during the shaking by summing up the elastic
energy for each pulse as shown in equation (4.2).

1 1
AWy = )y AW, =27k We i 4.2)
Fig.11 shows the dissipation energy of Kobe Port
Island array site in depth direction calculated by the
method written above. In this calculation we used the

record observed at K.P.-28m in NS component as an
input motion. As shown in Fig.11, the dissipation en-
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Fig.11. Comparison of the dependency of the dissipa-
tion energy capacity on a relative density.
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ergy accumulated in the reclaimed Masado layer from
Om to -12m is about 0.02-0.03. These values are also
well consistent with the results from array data and
laboratory test previously.

4 CONCLUSION

The authors propose a new scheme for evaluation the

liquefaction resistance from ductility view point. The

conclusions obtained from this study are summarized
as follows:

(1) Energy dissipation capacity proposed here is very
effective index to represent the ductility of the
soils against liquefaction.

(2) From case study of Kobe Port Island during the
1995 carthquake, the dissipation energy for
Masado obtained from laboratory cyclic triaxial
test under strain controlled condition, that inferred
from array observation records and that calculated
by seismic response analysis shows very consis-
tent result.
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Liquefaction potential of sand by torsional shear test
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ABSTRACT: The liquefaction potential of saturated sand is estimated by using torsional shear. Laboratory
tests indicate distinct patterns between torsional moment and rotation angle of cylinder embedded in sand
for contracting and dilative behavior. Using corresponding relations, shear stress versus shear strain of sand
adjacent to cylindrical surface is evaluated. By slightly modifying the standard penetration test, torsion
shear tests were carried out. The predictions of liquefaction potential by torsional shear compares favorably
with the predictions of standard penetration tests for liquefaction potential.

1 INTRODUCTION

The liquefaction potential of saturated sand is
basically estimated by using standard penetration
tests (SPT) and cone penetration test (CPT or
CPTU). These tests produce volumetric stresses
in the soil and thus the generation of pore pressure
due to shear is not directly measured. To
overcome this difficulty recently Atkinson and
Jessett (1990) and Charlie et al (1995) developed
the piezovane. They were thus able to measure
pore pressure decrease for dilative sand and pore
pressure increase for contractive sand during
torsion of the vane apparatus. The torsional in situ
field test is desirable, because it produces
basically shear strains and thus by measuring
torque and rotation angle of the cylinder being
subjected to rotation, the shear stress versus shear
strain can be measured.

Laboratory tests were done on cylindrical bar
of 2.5 cm diameter embedded in sand for a length
of 20 cm for different relative densities of sand.
Theoretical development relates torsion on the
cylinder to shear stress on adjacent soil and
rotation angle to shear strain. By plotting shear
stress versus shear strain, distinct pattern of
behavior is noticed for dilative and contractive
sands.

Field torsional tests on SPT were carried out
by modifying the SPT slightly. The pattern of
sand behavior makes it possible to estimate the
liquefaction potential for contractive behavior.

2 TORSONAL SHEAR TEST THEORY

If the cylindrical bar embedded in the soil is
subjected to rotation as shown in Fig. 1, then for
the soil at depth h assuming lateral stress to be pg
and for fully elastic case ( r. = rg) it can be shown
that (Dehghani, 1998) as indicated in Fig, 2.

T, =1, (’"—‘JJ 1)
¥

r=£—.‘3=0 (2)
2
_15“: +5ﬁ_“e =7_a(ro)

ree S ¥ GLr

r

Vra 3)

Where pq is lateral pressure, o is radial stress ,
og 1s circumferential stress, T is shear stress, &, Is
radial strain, €p is circumferential strain, yo is
shear strain, G is the shear modulus, u is the
displacement , ry is the bar radius, and r is the
radial distance. 19 is the shear stress at the
cylinder boundary.

It is interesting to note that the soil surrounding
the cylindrical bar is behaving basically in pure
shear and the change of volume is zero. Also from
equation (3) , it can be seen that
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Where o is the rotation angle. Thus the shear
strain is twice the rotation angle.

torque

-
Rotation angle f B

Figure 1. The torsional shear apparatus

Elastic region

Elastoplastic
region

Figure 2 The elastic and elasto plastic region

In the elasto plastic region, assuming Mohr
Coulomb failure criteria, it can be shown that

P 1
cr=p.-(i] . =ru[£~°-][gl Q=2tan’

e i
=Gy when y < &%ng otherwise
( 2(1+v)k, tanptany
T=| : x
(20 +v)k, tangtany + (1 -vN1+£,)

Gly —y,)+ 17, )

(Dehghani 1998)
It is also concluded that

1
Ty = Py tang where k!- =[m] (6)

Where ¢ is the friction angle and v is the dilation
angle. The general pattern is shown in Figure 3.

A Dilative y>0

y=0

Contractive y<0

Y

¥

Figure 3. Contractive and dilative behavior

Thus it can be seen that for Mohr Coulomb
soil, the soil adjacent to the cylindrical bar is
acting in undrained behavior and thus shear stress
is proportional to shear strain at the elastic range
and it then decreases for Contractive soil and
increases for dilative soil.

3 TORSIONAL SHEAR TEST LABORATORY
TESTING.

During the laboratory testing the cylinder (
roughened at the periphery to prevent slippage
between the cylinder and the soil) equipped with a
torquemeter and rotation angel measuring system
as shown in Figure 1. Two sands were tested. The
property of the sands is shown in Tablel.

Table 1 The property of the two sands tested

Property Sand 1 Sand 2
Dso min 0.28 0.75

€ max (.93 0.89

e min 0.57 0.52
G 1264 2.65
Cu 2.7 5.6

Ce 0.9 0.9
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The grain size distribution of the two sands is sand 1
shown in Figure 4. 09 |
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Figure 4 The grain size distribution of sands

Triaxial tests under undrained condition Dr = 96%
were run for the two sands on 5 by 12 cm 1'3|
samples. The steady state line for the two sands is E 16
shown on figure 5 and the steady state condition £ 14
for the two sands is shown in figure 6. g 12
3 1
% 08
n
450 % 06
400 s 044 31%
§ a0 iz emE £ 024 N
® 300 - 04— 8% -
£ 250 0 5 10 15 20
& 200 Shear strain %
8 190 sand 1 9 =329
E 100 | Figure 7 Torsional shear test on sand 1
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Figure 5 Steady state lines
29%

After having measured the properties of

gt
0,
the two sands under triaxial conditions torsional e \\\1:[\:‘"/ i

05

Shear stress /vertical stress
o

shear tests were carried out. The results of the ~____________“"‘"-
tests are presented after converting the torque to 0- 5% '

shear stress and the rotation angle to shear strain. 0 8 10 15 20
The test results for different relative densities for Shear strain %

the tow sands are shown on Figure 7 and Figure 8.
Figure 8 Torsional shear test on sand 2
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Figure 9 Torsional shear field test

4 TORSIONAL
TESTING

SHEAR TEST, FIELD

The field tests were carried out in southern part
of Tran in Hormozgan University extension land.
The area is covered by loose saturated sand up to
the depth of 10 meters and is known to have
liquefiable sand layers. Two boreholes were
tested. After boring to the required depth and
installing casing and filling the hole up with
bentonite, Standard Pepetration Test was carried
out at the given depth. After SPT test, the
torsional field shear was camried out. The
schematic test setup s shown in Figure 9.

The test unit consists of the following parts:

A. A platform of 50 centimeter high and surface
area of 100 centimeter by 150 centimeter with
a 10 centimeter diameter hole in the middle to
let the SPT sampler and tube pass from it.

B. A plate for measuring angles of rotation with
graduation in degrees on it with 100centimeter
diameter and 10 centimeter hole in the middle.

C. Steel arms of 100 and 50 centimeter lengths
attached to the SPT tube for applying the
torque to the SPT sampler.

D. Two spring balances of 30 and 50 kilogram
range for measuring the force applied to the
arm to create the torque on the SPT sampler.

E. A pointer attached to the tube to help in
measuring the rotation angle.

F. An anchor rod inserted in the ground to be a
fixed support for applying the force through
the tightening screw attached to the spring
balance.

The torsional shear was done in the following
manner:

The platform was installed and the plate for
angle measurement was fixed on it. The hole in
the plate and the platform was centered with the
SPT tube. Then the arm was fixed to the SPT tube
at one meter high above the ground with the help
of grippers. A vertical pointer was also applied to
the arm to point to the graduations on the angel
measurement plate. Another pointer was also
applied to the tube at the level of the graduation
plate. These tow pointers should measure the
same angle during the application of the torque if
there is no tilt in the tube. Then the spring balance
was hooked to the torque arm and through the
tightening screws to the anchor rod. By tightening
the screw, a force was gradually applied to the
torque arm. The spring balance measured the
force and this force multiplied by the arm would
give the magnitude of the torque. The rotation
angle was measured by the pointer taking care
during the test to have the two pointers pointing to
the same rotation angle. It should be mentioned
that the periphery of the SPT sampler was
roughened to prevent slippage between the
sampler and the sand and to introduce the shear
in the sand. . After carrying the torsional shear
test, the boring was continued to another depth
and the procedure was repeated, thus doing SPT
test first and torsional shear test afterwards at the
same depth. The schematic test setup is shown on
Figure 9.

120

100 ¢
80 .
60 -
40 -
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Percent Finer %

0.001 0.01 0.1 1 10

Grain size in mm

Figure 10 Grain size at depth 1.5m B.H.1
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Figure 11 SPT variation with depth

This simple setup was chosen to be easily
applicable to SPT test without major modification
of the SPT test setup. The only modification was
roughening the sides of the SPT cylinder to
prevent slippage.

A sample grain size distribution of the sand in
the field is shown in Figure 10 The variation of
SPT with depth is shown on Figure 11 for both
boreholes.

H=7.5 m SPT=39

09 {|BH 1
5 10.5 m, 35

Shear stress/effecrtive vertical stress

Shear strain %

Figure 12 Torsional field test B.H No. 1

The torque measured during the torsional
shear test was converted to shear stress and the
rotation angle converted to shear strain. The shear
stress in the soil at contact with SPT Sampler was
made non dimensional by dividing it with respect
to vertical effective stress. The results for Bore
Hole No. 1 is shown in Figure 12 and for Bore
Hole No. 2 is shown in Figure 13.

14
121 BH2
14 H=1.5m, SPT =17
10.5 m,36
08 4
06 |

7.5m,18, 3m9

0.4 4

Shear stress/effecrtive vertical stress

024 4.5m,5,9m, 12
| 6m.4
0 a . ;
0 10 20 30

Shear strain %

Figure 13 Torsional field test B.H No. 2

5 DISCUSSION OF RESULTS

The results of laboratory and field torsional shear
tests were presented in Figures 7,8,12,13..

It is clear from laboratory tests that higher
relative densities have dilative effect, this means
that with the increase of shear strain, the shear
stress is increased and up to large shear strains
this trend 1s evident. At low relative densities, the
contractive effect is evident and the shear stress
reaches a maximum and it then declines with the
increase of shear strain.

Also the results of field torsional shear tests
indicate that at higher SPT values, the dilative
behavior is also present in the field test and shear
stress keeps increasing up to large shear strains.
However at low SPT wvalues, the contractive
behavior is present and shear stress reaches a
maximum and then declines with the increase of
shear strain. [t is also interesting to notice that at
the same SPT , the shallower samples show more
dilative behavior.

Thus torsional field shear test is another
signature for the sandy soils after SPT for
prediction of liquefaction potential.
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6 CONCLUSIONS

Considering the theoretical development and the
results of the laboratory and field torsional shear
lests, it is concluded that

1. The torsional shear test is capable of
predicting the contractive and the dilative
behavior of the sand adjacent to the SPT sampler.

At the dilative behavior, the shear stress
increases continuously up to large shear strains.
When the behavior is contractive, the shear stress
reaches a maximum and then decreases with the
increase of the shear strain. At low relative
densities or at low SPT wvalues, the shear stress
may reduce to almost zero.

2. Tt is possible after SPT test, with simple
modification of test technique, to run torsional
shear test in the field, thus giving another
signature of the soil behavior to be used in
liquefaction potential evaluation.

3. The predicted theoretical pattern of shear
stress versus shear strain is followed both at
laboratory torsional shear tests and at the filed
torsional shear test.
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Abstract: Liquefaction at an improved ground in Port Island, a man made island in Japan, during the 1995
Hyogoken-nambu earthquake is presented. The site was improved by the rod compaction method, and neither
significant structural damage nor ground deformation was observed at the time of the earthquake. Detailed in-
situ and laboratory tests were conducted at the site, which included dynamic deformation test and liquefaction
strength test of frozen samples. In-situ investigation pointed out that the ground settlement of about 10 cm
occurred during the earthquake. Two effective stress earthquake response analyses were conducted using the
data from in-situ and laboratory tests. Both calculations showed that the ground near the water table did not
liquefy, but the ground 7 meters below the ground surface (4 meters below the water table) liquefied. This

result is in consistent with the observed fact.

1 INTRODUCTION

Significant liquefaction was observed in the fill area
in Kobe City, Japan, and its vicinity during the 1995
Hyogoken-nambu earthquake, At the same time, this
earthquake proved the effectiveness of the remedial
works against liquefaction. The settlement of the
ground was shown to depend on the degrees of
improvement of the ground; settlement is smailer as
improvement becomes more heavy (Yasuda et al.,
1995).

Liquefaction in the Port Island, a man made
island in Kobe City, was also severe. All the quay
walls displaced toward the sea for about 1 to 5
meters (Inagaki et al, 1995). The entire island
except improved region was covered by boiled sand
and colored brown as shown in Figure 1.

Detailed in-situ and laboratory tests were
conducted at a site in Port Island where the ground
was improved by the rod compaction method.
Evidence of the liquefaction such as sand boils and
ground deformation was not observed at the site. In-
situ investigation, however, pointed out that ground
settlement of about 10 cm occurred during the
earthquake as described later. Residual horizontal
displacement was also observed (Hamada et al,
1995). This fact seems to be against the common
sense; large ground settlement does not occur if
liquefaction does not occur. In order to clarify this
inconsistency, we conducted earthquake response
analyses based on effective stress, which is reported
in this paper.
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2 LOCATION AND GROUND CONDITION

Port Island is a man made island developed in 1969
by filling the decomposed granite called Masado
taken from the Rokko Mountain. Figure 1 shows the
location of the investigated site. This site is located
just neighboring to the vertical array observation site
of Kobe City as shown in Figure 2. The area of
about 150 x 150 m® was improved by the rod
compaction method in 1977 and five one-storied
factories (steel-framed structures used for warehouse
and workshop) and a three-storied reinforced
concrete control building were built. All factories

Investigated site

e

Sand boil

‘% 0 500

Figure 1. Location of the site in Port Island.

1000  1500m




were supported by the spread foundation, and the
control building was supported by the pile
foundation. Details of the improved area and
locations of the structures are shown in Figure 2.

)

Fill Inproved area

Rubble mound
for old breakwater

A-A' section

S0m  Gontrol Bidg.
Downhole strong motion observation site

|___‘ Inproved area

Numbers are settlement in mm relative to control building
Figure 2. Details of the site.
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Figure 3 shows soil profiles and SPT N-value
before and just after the improvement, and after the
earthquake. The fill was made on the marine clay
layer called Mal3. The thickness of the fill is about
18 meters, among which upper 16m was improved
by the rod compaction method, and the rest 2m was
not improved because liquefaction was supposed not
to occur as its fines contents was large.

After the 1995 Hyogoken-nambu earthquake,
detailed investigation was made at this site by
Geotechnical Research Collaboration Committee on
the Hanshin-Awaji Earthquake Disaster. In situ tests
such as PS logging by downhole and suspension
methods, and standard penetration tests were
conducted; frozen undisturbed samples were taken
and both liquefaction strength and dynamic
deformation characteristics were obtained in the
laboratory tests; other wvarious physical and
mechanical tests were also conducted.

Depending on the SPT N-value distribution and
other properties, improved ground is classified into
four layers, named Bl to B4 layers. Liquefaction
strength in each layer is shown in Figure 4.

3 DAMAGE AND SETTLTMENT DURING
EARTHQUAKE

The ground in the vicinity of the site was covered by
the boiled sand and mud water during the earthquake,
but neither large ground deformation nor the sand
boil was observed in the improved area. Relative
settlement  between the improved arca and
neighboring unimproved area reached several tens
cm. The paved ground between improved areas sank
about 10 to 30 cm, and mud water submerged it. No
damage was observed at the A- and B-packing
factories and the control building. Inner pavement of
the C-packing factory and the assembly factory sank
about 10 to 30 c¢m, and the ceiling crane became not
to operate. Relative settlement between the control
building and neighboring improved ground was
observed to be about 20 cm as shown in Figure 5.

0.8
Q= B1
0.7 A=-=-=- B2
& = Regeis B3
g 08 B e Bl
3 05 -
g i
® 0.4
? 03|
o
B 02 - B
0.1
0
0.1 100 1000

Number of cycles causing 5% DA strain, N,

Figure 3. Soil profiles and SPT N-value before and  Figure 4. Liquefaction strength causing 5% DA

after the improvement and after the earthquake.
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After the earthquake, settlement of the improved
area was measured. Since control building is
supported by the pile foundation (PC pile with 500
mm in diameter and 34m in length. Number of piles
is 35), settlement can be assumed not to occur. The
difference of the elevation at the top of the footing
of steel columns from the control building (reference
point} is measured. Since the elevation difference
when these structures were made is known from the
design draft, settlement of each point relative to the
control building can be computed by subtracting the
elevation difference at the construction from the
measured one. They are shown in Figure 2; relative
settlements are about 30 to 40 cm.

Since obtained settlement includes settlement
due to consolidation of Mal3 (clay layer), it must be
subtracted in order to obtain the settlement at the
time of the earthquake. Assuming the cocfficient of
consolidation to be 70 and 7 cm%day, scttlement
during 1977 and 1995 is evaluated to be 17.2 and
41.2cm, respectively. Taking the average value,
settlement yields about 29 cm. These settlements are
in consistent with the observed one at other places in
Port Island. Finally, settlement at the time of the
earthquake is evaluated to be about 14 ¢cm at the B-
package factory, 9 cm at the C-package factory, and
8 cm at the common factory.

Hamada et al. (1995) measured permanent
displacement from the aerial photos taken before and
after the earthquake. About 40 to 80cm horizontal
displacement toward the northwest direction,

direction toward the sea, is observed at this site.
These observed displacement and settlement

indicate that large ground deformation might occur

under the ground during the earthquake although

..Gap occurred
“.during the eathquake

Figure 5. Relative settlement between control

building and improved ground.
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Figure 6. Incident wave at GL-32m (Principal
direction)
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there was no ground deformation at the ground
surface. In order to investigate the reason, we
conducted earthquake response analysis.

4 METHOD OF ANALYSIS

Two computer codes, YUSAYUSA-2 (Yoshida and
Towhata, 1991) and EFECT (Ito, 1995), are
employed to grasp the behavior of the site during the
earthquake. Both computer codes are based on the
Biot's two-phase material theory as governing
equation. YUSAYUSA-2 employs hyperbolic stress-
strain model and stress path model for excess
porewater pressure generation proposed by Ishihara
and Towhata (1980). EFECT employs Matsuoka
model, a multi-mechanism model that considers
shear deformation, principal stress rotation and
consolidation separately, and is expanded under
cyclic loading. The ability of these codes to simulate
the liquefaction of the unimproved site in Port Island
is already proved (Yoshida, 1995; Geotechnical
Research Collaboration Committee on the Hanshin-
Awaji Earthquake Disaster, 1998)

The ground up to GL-32m is analyzed. Here GL-
32m is a depth at which a seismograph was set up at
the vertical array observation in Port Island that is
located at about 100m south from the site as seen in
Figure 2. The incident wave used in the analysis is
computed by using the equivalent linear method
with multiple reflection theory from the vertical
array record. In the multiple reflection theory,
continuity conditions of shear stress and
displacement between the boundary of the layers,
and 2 boundary conditions are used to solve the
horizontally layered ground. In the ordinary
cquivalent linear method, the condition that incident
wave and reflected wave are the same at the ground
surface is used for one boundary condition, and
input motion (observed motion at GL-32m) is used
for another boundary condition in order to obtain the
incident wave at GL-32m. The behavior near the
ground surface will strongly reflects the downward
wave at the base when this method is employed.
Considering that, however, significant liquefaction
occurred at the vertical array observation site, and
the accuracy of the equivalent linear analysis is less
at the liquefied site, this method may result in large
error in the incident wave. In order to avoid the
effect of the liquefaction in calculating the incident
wave, the ground up to GL-83m at which another
seismograph was set up is analyzed. Two ground
motions, i.e., observed records at GL-32m and GL-
83m, are used to be two boundary conditions and
incident wave at GL-32m is retrieved. Obtained
incident wave is shown in Figure 6.

The ground is modeled as shown in Figure 7
based on the borehole investigation. Here, as
described previously, layers Bl to B4 were
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permeability, ¢ is internal friction angle, @, is phase transform angle, g, is unconfined compressive strength.

Peak acceleration greater than 8m/s” is omitted,

improved but layer B5 was not improved.
Fundamental physical parameters are also shown in
the figure.

The model parameters of the improved fill
material are determined by simulating the
liquefaction strength tests. Those for unimproved
material (B3 layer) are determined based on the data
by Suzuki et al. (1997) who conducted laboratory
tests of frozen sample of the unimproved ground at
Port Island that is located about 200m south from the
site. Excess porewater pressure generation is not
considered in the clay layer and below, but flow of
water is taken into account. The hyperbolic stress-
strain mode! is employed by YUSAYUSA-2 for clay
layer. Constitutive model same with sand is used by
EFECT by setting no excess porewater pressure
generation. Results of the simulation of the
liquefaction strength test are shown in Figure 8.

5 RESULTS AND DISCUSSION

Peak responses are shown in Figure 7, acceleration
time histories are shown in Figure9, excess
porewater pressure and excess porewater pressure
ratio (excess porewater pressure divided by initial
effective overburden stress) are shown in Figure 10,
and stress path and stress-strain relationships are
shewn in Figure 11, Here calculations are conducted
up to about 41 seconds, but only responses until 20
seconds are shown in the figure because response
after that is less important in the discussion in this
paper.

Acceleration at the ground surface becomes very
small after 6 seconds in YUSAYUSA-2 and 10
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Figure 8. Simulation of element test

seconds in EFECT. This indicates that liquefaction
may occur under the ground. Actually, as seen in
Figure 10, excess porewater pressure ratio reaches
nearly unity at several layers at about 6 and 10
seconds, respectively. Maximum excess porewater
pressure distribution in Figure 7 indicates that two
layers just below the water table are not liquefied,
but the rest layers liquefy.

If above two layers {(4m thick) do not liquefy,
thickness of the non-liquefied layer becomes 7m in
total including the subsoil above the water table.
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Therefore, it is not surprising that neither large
ground deformation nor evidence of liguefaction
such as sand boil was observed, Morcover,
considering that all factories are one-storied
structure therefore the weight is light, damage to
factories may not be hardly observed. Differential
settlement at the C-factory can be recognized if
degrees of liquefaction is different because of the
existence of old breakwater. It is noted that there
may be another explanation on this damage. An
employee reported that settlement became more
severe at the rising tide with sound of water flow
near the old breakwater on the day of the carthquake.
The soil near the old breakwater may be washed out
resulting in seitlement. Even if this is true, it also
indicates that something, probably large ground
deformation, occurred in the subsoil because rising
tide has been daily phenomena.

As seen in the stress-strain relationships and
stress path in the third layer in Figure 11, layer 3 is
recognized to be far from liquefaction. There may be
two reasons why liquefaction did not occur near the
water table. The one is that liquefaction strength is
larger than the other, and the other is that input
motion deamplified very much because lower layer
liquefied quickly. As shown in Figure 4, liquefaction
strength at B1 layer is the largest. At the same time,
however, excess porewater pressure ratio increases
faster in the lower layer. Therefore, both reasons
worked so that liquefaction did not occur in the
upper layers.

The behavior of the fill computed by two
computer codes is nearly the same. Peak
accelerations are about 4m/s’. Relative displacement
within the improved thickness is about 10cm.
Maximum shear strain is about 10 %. Shear strains
are especially large at 6, 7 and 10th layers. There are
some differences in the behavior in the clay layer,
probably because of the difference of the
constitutive model; maximum shear strain reaches
about 5% and decreases upward in YUSAYUSA-2
whereas they are nearly constant to be a little less
than 1% in EFECT. It is also interesting that
maximum shear strain in BS layer, unimproved layer,
is less than above improved layer, which probably
occurred because of the excess porewater pressure
dissipation.

6 CONCLUDING REMARKS

Liquefaction on the improved ground in Port Island
is investigated. Through the numerical analysis, it is
concluded that liquefaction occumred at the deep
laver of the improved region, but it did not occur
near the water table. Because the thickness of the
non-liquefied layer including layers above the water
table was about 7 meters, it is not surprising that
evidence of liquefaction did not appear at the ground
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surface and factories was not damaged even if
liquefaction occurred. It is also noted that
displacement is much smaller in the improved area
than that in the unimproved area (Geotechnical
Research Collaboration Committee, 1998) although
liquefaction occurred at both sites. These
observations indicate that soil improvement by
compaction is effective to reduce liquefaction-
induced damage.
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Prototype piezovibrocone for evaluating soil liquefaction susceptibility

Craig M.Wise
Black and Veatch, Overland Park, Kans., USA

Paul W.Mayne & James A.Schneider

Civil and Environmental Engineering, Georgia Institute of Technology, Atlanta, Ga., USA

Keywords: liquefaction, earthquake, CPT, cone penetration test, piezocone, vibrocone, in-situ testing

ABSTRACT: A piezovibrocone has been developed for the evaluation of soil liquefaction susceptibility by
inducing localized cyclic pore pressures while concurrently measuring dynamic resistances. The device
couples a triple-element penetrometer with a pneumatic solenoid. This piezovibrocone offers a number of
advantages over its predecessors including downhole vertical oscillation, adjustable dynamic force and
frequency of excitation, and the simultaneous measurement of porewater pressures at multiple positions.
Initial field trials in the historic earthquake region of Charleston, South Carolina indicate the unit is capable of
generating and measuring excess cyclic pore pressures in liquefiable soils.

1 INTRODUCTION

Current geotechnical practices for identifying
liquefiable soil strata involve empirical relation-
ships based on databases specific to narrow
geographic regions. Due to the large uncertainties
involved in selecting the proper correction factors,
those analyses often result in low confidence levels.
The piezovibrocone penetrometer is intended to
improve geotechnical earthquake hazard analyses
by directly measuring the free-field dynamic soil
response in-situ. It is intended that the vibrocone
will provide a rational means of evaluating soil
liquefaction susceptibility, as well as the post-
cyclic residual undrained shear strength.

2 CURRENT METHODS OF EVALUATING
SOIL LIQUEFACTION POTENTIAL

Seismic analyses of soil deposits include laboratory
testing and field investigation. Laboratory cyclic
triaxial and cyclic simple shear tests on
cohesionless materials rely on obtaining high-
quality samples. Preservation of the soil structure
by freezing is very costly and not readily available
for use on routine projects. Moreover, the
utilization of cyclic lab tests relies on a number of
empirical modifiers that attempt to account for
initial stress state (K,), overburden stress level
(K,), depth effect, number of cycles to failure (Ny),

and accumulated strains. Effects of aging, sampling
disturbance, inherent fabric, and re-establishment of
the in-situ stress state are difficult to take into
account.

Accordingly, for most projects, the greatest
weight in the assessment of liquefaction potential is
given to the results of field in-situ tests. To date, the
standard penetration test (SPT) has been most widely
used for this purpose. Unfortunately, the number of
corrections that must be made to the raw data from
even the most carefully conducted tests leads to
similar difficulties as noted for lab methods. The
SPT-N value must be modified to include corrections
for energy efficiency, overburden stress level, fines
content, borehole diameter, barrel liner, rod lengths,
aging, and other factors (Skempton 1986; Kulhawy
& Mayne 1990; Robertson & Wride 1997).

For liquefaction analysis, Seed et al. (1975)
established a relationship between the adjusted (N1)eo
and cyclic stress ratio (CSR = cyclic shear stress
normalized to vertical effective stress). The CSR
relates earthquake acceleration to the dynamic shear
stress of the soil and can be obtained through a
simplified procedure by Seed and Idriss (1971):

T,
CSR = 2 = fae o ggsime Tv
g ¢y
o g o,

vo
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where 7., = equivalent uniform cyclic shear stress,
Tme = average cyclic shear stress, oy,,” = effective
vertical stress, o, = total vertical stress, @, = peak
ground acceleration, g = gravitational constant, and
ra = stress reduction coefficient accounting for the
stiffness of the soil column. The energy-corrected
SPT wvalue, normalized to a stress level of one bar
and designated (N))gp, is used in the well-known
curves for a binary assessment of either
"liquefaction" or "no liquefaction" (e.g. Glaser &
Chung, 1995; Robertson & Wride, 1997).

More recently, interest has focused on
development of CSR curves from the cone
penetration test (CPT) for the in-situ evaluation of
liquefiable soils (e.g., Suzuki, et al., 1995; Stark
and Olson, 1995). The CPT offers several
advantages over the SPT including better
standardization, a continuous record with depth,
and the ability to measure several parameters,
including: tip stress qp, sleeve friction f;, porewater
pressure wp,, and vertical inclination i, However,
modification factors for overburden stress level,
aging, and fines content are still necessary.

Other in-situ tests have been correlated for use
in liquefaction assessment, including the flat plate
dilatometer test (Reyna and Chameau, 1991) and
shear wave velocity (Andrus and Stokoe, 1996).
The seismic cone (Campanella, 1994) produces
four measurements, including tip resistance and
shear wave, thus allowing two independent
evaluation of liquefaction potential. However,
since each of the above approaches provide only an
empirical indirect assessment, a more rational and
direct method was sought using a vibrocone.

3 VIBROCONE CONCEPT

The basic concept of a vibrocone consists of a cone
penetrometer with trailing vibrator unit, as shown
by Figure 1. Prior versions of a vibrocone device
were developed in Japan, Italy, and Canada, and a
detailed review is given by Wise (1998). The
original model of Japanese vibrocone was built by
the Public Works Research Institute (PWRI) that
applied a downole horizontal centrifugal force of
32 kef and operated at a set frequency of 200 Hz
(Sasaki and Koga, 1982). Each test required two
sister soundings, one static and one dynamic. This
was followed by later designs with dynamic forces
of 80 and 160 kgf at 200 Hz (Teparaksa, 1987). A
similar model developed at ISMES in ltaly also
used horizontal vibration (Piccoli, 1993).

f
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entrifugal Motion Vibrator o ey
Component ;

Length = 790 mm (31.1 in)
Diameter = 41 mm (1.6 in)
Weight = 6.3 kgf(13.91bf)

Centrifugal Force = 32 kgf(70.5 Ibf)
Frequency = 200 Hz

Figure 1. Schematic of the Original Vibratory
Piezocone (Sasaki and Koga, 1982)

Previous field studies used simple side-by-side
comparisons of static tip resistance (q.) with the
dynamic tip resistance (qcg). Figure 2 illustrates the
recorded profiles of qcs and qgq from vibrocone tests
at two Japanese sites. For site 1 which historically
shows no evidence of sand boils or settlements
following earthquakes, both the static and dynamic
tip resistances are relatively similar (except for a
small localized zone about 3 m deep), inferring no
major liquefaction problems. In contrast, the results
of vibrocone tests at site 2, which is known to have
liquefied repeatedly, illustrate that the dynamic
resistance is considerably reduced at depths between
2 to 5 meters, reflecting the contractive nature of the
sand deposit and high likelihood of liquefaction.

Japanese Vibrocone

l-__!_l’ T 1
} Cone Tip Resistance

--- Static, g,
s, — Dynamic, g,

6 L 1 1 - 1 A L . |
0 40 0w 120 w0 40 " 0 10
Cone Tip Resistance (kg/cm?)
Site 1 Site 2

Figure 2. Vibrocone tests (a) at site 1 which
shows no apparent damage during seismic events
and (b) at site 2 with historical liquefaction
evidence following seismic events (modified after
Sasaki et al., 1984),

A UBC vibrocone (Moore, 1987) was constructed
using an uphole vertical vibrator consisting of an
oscillating pair of eccentric counter-weights to the
actuator assembly above-hole in the cone rig. The
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Table 1. Contributions to the Development of the Vibrocone

Country Author(s) Details Results
Japan Sasaki & Koga, 1982 ¢ Down-hole vibration at 200 Hz Reduction in g, reflected
Sasaki et al., 1984 (PWRI) o 32 kgf horizontal centrifugal force possible liquefiable zones
Japan Teparaksa, 1987 (PWRI) * Down-hole vibration at 200 Hz Compared sister sets of static
® 80 kef horizontal centrifugal force and dynamic soundings
Canada Moore, 1987 (UBC) ¢ Vibration applied at top of rods Shoulder pore pressures did
®  Vertical force at 75 Hz frequency not identify liquefiable layers
Italy Mitchell, 1988 *  Down-hole horizontal vibration Qualitative interpretation
Piccoli, 1993 (ISMES) 200 Hz

electric power for the vibrator was coupled with the
rig power, causing fluctuations in the operating
frequency. Tests in a silt showed a reduction in g,
but a shoulder element did not show evidence of
€XCEeSS pOore pressures.,

4 VIBROCONE DESIGN

Under funding from the USGS and NSF, the
development and calibration of a piezovibrocone
penetrometer has been initiated in a joint research
program at Georgia Tech and Virginia Tech (Wise,
1998). The new vibrocone is an improvement over
prior vibrocones for the following reasons:

Dynamic motion is downhole to prevent energy
losses associated with uphole vibrators, as used
on the prior UBC version.

Motion is directed vertically to prevent gapping
at the soil-cone interface, as the horizontal
centrifugal oscillations of the prior PWRI and
ISMES vibrocones likely compromised the axial
CPT measurements.

Midface (u;) and shoulder (us) porewater
pressures are measured together.

The unit allows for control of dynamic force at
lower frequencies (5 to 30 Hz).

Seismic strong motion records from most
earthquakes show a spike in their power specira at
frequencies of 1 to 5 Hz, yet previous vibrocones
operate at frequencies of 75 to 200 Hz, which are
considerably higher. Therefore, from an operational
standpoint, a lower frequency vibro-unit was desired
having adjustable force excitation.

For the initial design, a downhole pneumatic
system was built to offer simplicity in operation and
economy in construction. Impulse-type loading was
used for the initial trials. Two units were needed,
one for field use by Georgia Tech and one for CPT
calibration chamber testing at Virginia Tech. For
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chamber calibration tests, a 15-cm’ triple-element
piezocone was donated by Fugro Geosciences. This
allows for the simultaneous measurement of cum-
ulative cyclic pore pressures at three locations:
midface (u;), behind the tip (u, or ), and behind
the sleeve (uz). For initial field trials, a 10-cm?
Davey-type piezocone with a single midface (u))
porous element was used.

The fabricated prototype attached to the triple-
element piezocone is illustrated in figure 3. Key
resistance parameters are measured, including tip
resistance (g.), sleeve friction (f), multiple
porewater pressures (), and frequency content of
excitation. Both an HP oscilloscope and spectrum
analyzer have been used for the latter.

The vibratory module consists of a solenoid
valve, air cylinder, an impact mass, velocity
geophone, a housing assembly, and nitrogen gas. An
electronic timer provides electrical pulses to a
solenoid valve which opens and closes at the rate
dictated by the timer setting. The solenoid
pressurizes the air piston which in tun drives the
excitation. Two modes of excitation are available to
increase the versatility of the unit and range of
applicability of the results. One mode is driven by a
spring-mass oscillation and another uses impulse
with an impacting mass. To measure the applied
force and frequency, a small OYO Model 14-L9
geophone is installed in the unit. In future designs,
an inexpensive micromechanical system (MEMS)
will be used to measure dynamic accelerations. In
lieu of an oscilloscope or analyzer, the MEMS can
be read directly using a notebook computer.

Without reconfiguring the vibrator, the dynamic
force can be adjusted at the control panel by
increasing or decreasing the pressure from the tank
or compressor. The air cylinder in the prototype has
a bore size of 2.7 cm corresponding to a force of 100
kgf at 1.7 MPa pressure. The frequency of
excitation can be varied by simply changing the
timer setting which is capable of duty cycles from
0.001 seconds to 9999 hours and varied by incre-



Two Modes of excitation:

1. Spring/mass 2. Impact

vibration
I‘ Gas and Timer Signal "

Solenoid Valve

y ; Vertical
Pneumatic Cylinder FR
: Oscillation
Mass/Spring
Excitation +
Spring Impact
Mass

2

i = 2
u Tip area= 15 cm

(diameter = 43.7 mm)

Figure 3. Prototype Pneumatic Impulse
Generator and Triple Element Piezocone.

ments of 0.001 seconds. The solenoid is rated to
perform adequately at duty cycles down to 60 per
second. Note that calling the timer setting a
‘frequency’ is not quite accurate. The timer setting
is actually a duty cycle for which the frequency
content of the system can be determined by
performing a Fourier analysis on the voltage versus
time data. A spectrum analyzers has also been used
to determine the frequency content in real-time.
Figure 4 illustrates the various piezovibrocone
components.

5 FIELD PERFORMANCE

The impulse vibrocone system has been tested to
check its ability in generating excess porewater
pressures, The device was advance in historically-
liquefiable sands in a series of soundings near
Charleston, South Carolina, USA. This seismic
region was selected for trial soundings with the
piezovibrocone due to the noted abundance of
mapped paleoliquefaction features resulting from the
Charleston Earthquake of 1886 with M = 7.5 to 7.7
(Martin & Clough, 1994).

The specific test site locations were based upon
the prior documentation of accessible sites where
prior SPT, CPT, and grain size information was
reported (Martin & Clough, 1990). Gregg In-Situ,
Inc. of Aiken, South Carolina provided a 25-tonne

540

Piezocone

Figure 4. Components of the Vibrocone System

cone truck and an electronic 10-cm’  seismic
piezocone with a porous element at the u, (shoulder)
position. These data provided a baseline reference
for comparison with both static and dynamic sound-
ings for the vibrocone penetration test (VCPT).

The Charleston site selected was the Thompson
Industrial Services in the Atlantic coastal plain
region of South Carolina. The area is of minimal
relief and low elevation and comprised of sandy
sediments deposited between 130,000 to 230,000
years ago. The water table was within 1.5 m of the
ground surface. Based on published first-hand
accounts and field reconnaissance, the extent of
liquefaction due to the Charleston Earthquake had
been characterized as extensive and moderate at the
Ten Mile Hill and Eleven Mile Post sites,
respectively (Martin and Clough, 1994).

Static reference soundings were performed with
both with an electronic ConeTec (type 2) piezocone
and the electric Davey (type 1) piezovibrocone (see
Figure 5). The tip stresses and sleeve resistances
indicate favorable comparisons between the two
soundings. The midface u, readings mirrored the
shoulder u; measurements, yet midface pressures
were generally above hydrostatic while shoulder
pressures were slightly below hydrostatic conditions.
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Figure 5. Vibrocone Results Compared with Reference Type 1 and Type 2 Piezocone Soundings at

the Thompson Industrial Site in Charleston, South Carolina, USA.

This observation is consistent with static piezocone
results reported in clean sands (Robertson, et al.
1986).

Adjacent to these two static tests, a dynamic
sounding was also performed using the vibro-unit at
5 Hz, thus completing a VCPT. At depths of
between 3.5 to 5.1 meters, Fig. 5 shows a significant
spike in the porewater pressure response of the
dynamic sounding. It is believed that this indicates
a zone of liquefiable soil. Moreover, it can be seen
that tip resistances for all three soundings were
relatively low in this zone, but the dynamic tip
resistance (VCPT) does not noticeably fall below
either of the tip resistances from the two PCPTs.
Noteably, however, a complete and rational
interpretation for the VCPT will require a complex
consideration of all possible responses for the
loading conditions, including those due to static
liquefaction, steady-state, quasi-liquefaction, cyclic
mobility, as well as dilatant behavior of soils, as
planned in future studies (Schneider et al. 1998).
The measured q, and u readings, in fact, may reflect
totally different portions of the induced effective
stress paths.
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6 SUMMARY

A specialzed in-situ tool, termed the piezo-
vibrocone, has been constructed for the direct
evaluation of soil liquefaction potential on site-
specific projects. The device utilizes a multi-
element piezocone coupled with a downhole
impulse vibro-unit operating vertically at low
frequencies.  Preliminary trials in historically-
liquefied sands of the Charleston seismic region
show generation of cyclically-induced porewater
pressures. Additional improvements are ongoing in
producing more uniform and sinusoidal forces,
dynamic stress measurements, and controlled soil
conditions involving large calibration chamber
testing.
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Prediction of liquefaction-induced deformations of river embankments
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ABSTRACT: An analytical method that can predict the deformation of liquefied ground is presented which is
based on three variational principles of mechanics, i.e., principle of minimum potential energy at state of force
equilibrium, the Lagrangean equation of motion, and the Hamilton’s principle. The prediction method consists
basically of closed-form solutions and requires limited number of input data and short computation time, facili-
tating its use for practical purposes. Procedures to evaluate the duration of flow and critical damping ratio, two
necessary input parameters for the model, are also discussed. The method is applied to simulate the settlement
of river embankments during large earthquakes, and the results show a good agreement with observed values.
Furthermore, the effectiveness of various countermeasures is assessed using the proposed model.

1 INTRODUCTION 2 THEORETICAL BACKGROUND

River embankments resting on loose cohesionless soil
deposits are highly susceptible to liquefaction- 2.1 Model ground

induced damage during earthquakes. Settlements and The closed form solution of the maximum possible
lateral spreading in the order of several hundreds of  displacement is derived for a simple subsoil model
centimeters have been observed during recent large shown in Figure 1. The varation of the elevation of
earthquakes in Japan, such as the 1993 Hokkaido the unliquefied stable base, B, the thickness of lique-
Nansei-oki Earthquake and the 1995 Hyogoken fiable layer, H, the thickness of the surface unsatu-
Nanbu Earthquake. Since the height of river em- rated layer, T, and the magnitude of the surcharge
bankment is important in preventing flooding after ~ which is inclusive of the weight of surface soil, 7,
the occurrence of an earthquake, methodologies to vary linearly with the horizontal coordinate, x. Note
predict the magnitude of liquefaction-induced defor- that the thickness and depth of liquefiable sandy layer
mation of river embankments as well as to assess the can be determined by using SPT N-values and other
effectiveness of countermeasures to mitigate such data through liquefaction potential evaluation proce-
damage are very important, dures as outlined in various design codes (e.g., the

This paper presents an analytical tool to predict Specifications for Highway Bridges, 1996).

ground deformation caused by sub-soil liquefaction.

The proposed method is characterized by its closed-

form solution derived by combining observations

from shaking table tests and the principle of minimum .
potential energy. This method requires limited num- R ¥
ber of input data which are easily obtainable within
the framework of existing field investigation for lique-
faction potential, making it a practical tool to predict
the potential seismic hazards induced by liquefaction- H, 2
induced deformation. ! e

B8,
4

b tace 15
E crusi gl sur o b
- D ‘f_ A e A

To illustrate its capability, the method is employed
to simulate the settlements observed in several dikes
which were damaged during recent earthquakes in
Japan. Moreover, the effectiveness of various lique-
faction countermeasures are investigated. .

on & Figure 1 - Model Ground
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2.2 Ultimate displacement

The lateral displacement of the liquefied soil is as-
sumed to follow a sinusoidal distribution in the verti-
cal section as given by

Ulx,z) = F(x)sinM (1)

2H

where Ufx,z) 15 the maximum possible lateral dis-
placement, and F{x) is the lateral displacement at the
surface. Conversely, the maximum possible vertical
displacement Wfx,z) is calculated based on constant
volume condition. The settlement caused by consoli-
dation of liquefied sand is calculated separately (e.g.,
by assurning one-dimensional consolidation).

The surface unsaturated layer behaves as an elastic
bar resisting against lateral compression. This layer
and the surcharge move together with the top of the
liquefied subsoil without slip. The liquefied soil be-
haves like liquid with negligible shear modulus.

In general, ground with irregular profile is often
encountered instead of one with a regular shape as
shown in Figure 1. For the method to be directly use-
ful, the irregular section is divided into piece-wise
linear segments considering displacement continuity
at the interface of the segments. Next, the total poten-
tial energy of the ground, O, is formulated by sum-
ming up the strain and gravity components of energy
in the liquefied layer and surface unsaturated layer for
each segment, After simplification, the total potential
energy of the ground, O, can be derived as a function
of the surface displacement F(%), its derivative and
the coordinate x.

The principle of minimum potential energy requires
the total energy, O, to be minimum for the true dis-
placement F{x). Therefore, it becomes a typical prob-
lem in calculus of variation where the function Fix)
which makes the energy functional Q minimum is to
be determined. For details of the derivation, the read-
ers are referred to the works by Towhata et al. (1992)
and Orense (1992).

2.3 Time history of displacement

The maximum possible displacement cutlined above
refers to the case when a state of lateral flow contin-
ues for a sufficiently long period of time. In most
cases, however, since the soil flow ceases when seis-
mic shaking stops, the real displacement is smaller
than the maximum possible one. Hence, there is a
need to consider the effect of time on the displace-
ment. For this purpose, the method of dynamic analy-
sis, schematically shown in Figure 2, is employed in
the analysis of the development of displacement with
time. Because of space limitation, only the essential
features are discussed here, and readers are referred
to the papers by Towhata (1995) and Towhata et al.
(1997) for details.
The displacement of the liquefied ground at any
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time ¢ is expressed as
u(x,z,t) = A{t)U(x,z)

- @
w(x,z,t) = A (x,z2)
where # and w are the horizontal and vertical dis-
placements, respectively. Since the maximum dis-
placements {/ and W are already obtained from static
analysis, the only unknown is the scalar function A(%).
The value of A ranges from zero at =0 (initial condi-
tion) to one at 7=cc (flow continues for a long pe-
riod of time). Thus, the effect of time is separated and
the equation of motion for a single degree of freedom
system can be developed. The kinetic energy X con-
tributed by both the liquefied subsoil and surface
layer can be calculated from Eqn. (2).

The theory of Lagrangean equation of motien for a
single degree of freedom system is given by

_ai[ﬁ{K—(QH)}}_ OK-(Q+D) _

0 (3)
dt|  AdAldr) A,

in which X and Q represent the kinetic and potential
energies, respectively, J is the energy contribution of
the inertial force, and A is the generalized coordinate.
Since # and w are functions of A, all the energy com-
ponents can be expressed in terms of 4. Upon simpli-
fication, Eqn. (3) can be written as

d’u,
di?

where m, k, f, » and n are parameters through which
the various energy components are expressed, and
& (u,)/dr’ is the base acceleration. Note that k+j+r=0
because the ultimate stability is attained with 4 =71,
Eqn. (4) is a second-order differential equation and
can be solved easily.

4)

d*A
m——+kl=—-f-r-n
dr 4

2.4 Consideration for energy dissipation

The analysis of flow using Eqn (4) significantly over-
estimates the rate of soil movement, and therefore,
some sort of energy dissipation mechanism should be
incorporated into the above equation. Since shaking



table tests suggest that flow of liquefied ground has a
rate-dependent nature (Towhata, 1995), a viscous
term given by ¢ Xd A/dt is added to Eqn (4). When
liquefied sand is assumed to have a viscosity coeffi-
cient 7, the viscous term is given by

_

FT
8 J.:?dx

Since much is not known regarding the apparent vis-
cous nature of liquefied ground, it is difficult to de-
termine 77 and use Eqn (5) in practice. As a rational
alternative, the value of ¢ is determined by using a
critical damping ratio, instead, i.e,,

®)

c

1 1 1
A NP . S 6)
dr? dt dr’
in which
c=hx2Jmk (7)

where h stands for the critical damping ratio. The
value of A used in the present analysis will be dis-
cussed later,

3 APPLICATION TO RIVER EMBANKMENTS

3.1 Cases and Input Parameters

The method outlined in the preceding section is em-
ployed in the analysis of the settlements observed in
river embankments in two sites, namely: the Shiri-
beshi-toshibetsu River (1993 Hokkaido Nansei-oki
Earthquake) and Yodo River (1995 Hyogoken
Nanbu Earthquake). In total, eleven sections were
analyzed, six along the Shiribeshi-toshibetsu River,
and five adjacent to Yodo River. To facilitate the
analysis, each section is divided into two along the
centerline of the embankment, and the river-side and
land-side sections are analyzed independently.

The relevant input parameters employed in the
analyses are listed in Table 1. In the analysis, the lig-
uefied sand is treated as liquid with zero shear modu-
lus and zero residual strength. The thickness of the
liquefied lavers is determined using the revised lique-
faction potential evaluation procedure as outlined in
the Specifications for Highway Bridges (1996), with
the maximum surface accelerations set as the same as
those recorded at nearby stations when the actual
earthquakes occurred.

3.2 Duration time of liquefaction

The evaluation of the appropriate duration time of
liquefaction through which flow can occur is very
difficult. Shaking table tests as well as centrifuge tests
show that mowvement stops when seismic shaking
ceases. Hence, for the purpose of this study, it is as-
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Table 1: Parameters used in the Analysis

5o gd Bt || Shbte | v
Ef\f;w‘;r’ifﬁﬁ%e 15.7 176
gz’fﬁ?;;?“s‘im' 2060 4800
g:gc};l damping 16.5 6.8
?(1;21}1011 of flow, 58 25

sumed that the duration time of flow, designated as
T, corresponds to the interval between the occur-
rence of peak acceleration (corresponding to lique-
faction) and the last acceleration peak having a value
greater than 50gals (dissipation of pore pressure).
This is shown in Figure 3. By analyzing strong mo-
tion time histories, a study of the values of T, com-
puted from many strong motion records might lead to
correlations which would further simplify the estima-
tion of appropriate values of T, for different design
earthquakes. To this end, 145 acceleration time histo-
ries for 20 earthquakes (6 American earthquakes and
14 Japanese earthquakes) recorded at or near the
ground surface were obtained and analyzed to deter-
mine the value of T, indicated for each record.

The values of T,y computed based on the above
criterion are plotted and examined with respect to
various seismic parameters, such as epicentral dis-
tance, earthquake magnitude and magnitude of peak
ground acceleration, as well as the soil type (ie,
Type I - T5<0.2sec; Type Il - 0.2sec=T5<0.6sec;
Type TII - T;=0.6sec, where T is the predominant
period of the ground). The resuits show that among
these parameters, 7,y correlates best with earthquake
magnitude, and the plot is shown in Figure 4. Also
shown is the upper bound for all the data. Since this
line provides a reasonable method of estimating the
maximum duration of Ty, this line is considered in
this study. For comparison purposes, the relations
proposed by Lee (1972) and Housner (1965), who
also investigated the duration of significant shaking
using other criteria, are also shown.

1000 ¢ Tul: period bet. peak acc. and

:.;‘ | last acc. peak > 50gals
- P
<~ 500
§ I :l 1. T
.; 0 Linenghit] I *ili"'djlli |l\'|h -‘kl "ilrx-
E L | 50 gals
= -500 ‘
o
3 peak acc.
< -1000
0 10 20 30
Time (sec)

Figure 3: Definition of duration time of flow, Ty
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Figure 4: Relation between magnitude and Ty

3.3 Damping Ratio

Another parameter required in the analysis but which

is difficult to evaluate is the value of the critical damp-
ing ratio. This is not an inherent property of the mate-
rial and should not be confiised with hysteretic type

of damping usually employed in dynamic analysis.

Toyota (1995) performed shaking table tests on very

loose sand deposits (D, < —10%) to determine the

values of & which make the calculated displacements

fit the observation. His results showed that when flow

is induced by impact-type of loading, a value of 0.63

is suitable, whereas when the flow is induced by cy-

clic shaking, the suitable value of 4 is dependent on

the value of input motion and void ratio of the lique-

fied sand, as depicted in Figure 5.

In the present analysis, the Lagrangean equation of
motion for a single degree of freedom system and
given in Egn. (6) is employed. When the usual case of
overdamping (#>1) is considered, the solution to
Eqn. (6) is given by

A= Ade(—htVhi-Daut | po(=h=Vh* =Dawr | (8)

where @,=v" &/m. Now, considering the initial condi-
tion of A =d A/dt = 0 at t=0, the constants in Eqn.

»

Criticol demping ralio, h

Figure 5: Variation of critical damping with shaking
acceleration and void ratio (From Toyota, 1995)
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(4) can be solved as

[g}:_;[u th_l] ©

From Eqns. (8) and (9), it is noted that there is a
linear relation between damping ratio and the factor
a) X t for a specified value of A. This theory is con-
sidered in the analysis of the sites mentioned above.
The magnitude of A is known beforehand, with val-
ues ranging from A =0.2~0.8 for Shiribeshi-toshi-
betsu River (S-T), and A =0.4~0.5 for Yodo River.
Instead of plotting the factor w, Xt against A, the
duration time of liquefaction, T, is considered. The
variation of damping ratio A with duration time T, for
the sites under consideration is shown in Figure 6.
Note that in addition to the sites analyzed, two sec-
tions of embankments near Hachirogata River (H-G)
which were damaged during the 1983 Nihonkai-
Chubu Earthquake are included in the analyses. It is
worth mentioning that a longer flow duration is re-
quired to achieve a given A when the damping ratio is
high. Although it can be seen that there is a general
scatter between the lines representing the sites, the
general relation can be represented by the average of
these lines, as shown by the bold line in Figure 6. It is
hoped that a better line will be obtained in the future
when more case studies are performed.

Hence, the duration time of flow and critical damp-
ing ratio can be determined from the earthquake
magnitude through the use of Figures 4 and 6.

3.4  Results of analysis

The boundary conditions used are as follows: (a) at
the top of the slope (i.e., at the center of embank-
ment), the lateral displacement is fixed; (b) at the
bottom of the slope, infinite condition for the landside,
and a fixed boundary at the center of the river on the
riverside.

Figures 7 and 8 show the comparison of the ob-
served and calculated settlements for Section No. 1
near Shiribeshi-toshibetsu River and  Section No. 2

20
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.E |
- i
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a
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s T 1
E y | ——  8-T River i
B ) el IE Yodo River
i H-G River
50 75 100 125 150
Duration Time, T (sec)

Figure 6: Relation between T, and damping ratio
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Figure 9: Comparison of actual and calculated values

adjacent to Yodo River, respectively. These cross-
sections show the largest observed settlements, i.e.,
2.7m. It can be seen that the calculated patterns of
displacement are well-simulated and the method was
able to simulate such large amount of settlement.

On the other hand, Figure 9 shows a comparison of
the observed and calculated settlements at the top of
the embankment for the cross-sections analyzed. As
mentioned above, two calculated values are presented,
one for each half of the cross section. It can be seen
that although there is a wide range of calculated val-
ues, there is generally a 1:1 relation between the ac-
tual and calculated settlements, indicating the appli-
cability of the model.
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4 EFFECTIVENESS OF REMEDIAL MEASURES

In addition, the present model is also employed to
take into account the presence of various measures
usually employed to mitigate damage to river em-
bankments. The presence of such countermeasures
can easily be incorporated into the model by adding
the strain energy that develops in these structures as a
result of flow to the total energy of the whele ground.

4.1 Cases considered

In the analysis, Section No. 2 of the Yodo River is
considered as the model ground. Seven remedial
measures are examined and these are listed in Table 2,
together with the input parameters. The boundary
conditions are similar to those discussed earlier. Two
levels of ground accelerations are employed: Level 1
- 221 gals representing the actual earthquake; and
Level 2 - 600 gals for a large-scale earthquake. Note
that the earthquake level affects the thickness of
liquefiable layer, as well as k and 7,,. The duration of
liquefaction is set at 20sec for Level 1 and 10sec for
Level 2. Critical damping ratios of 1, 2, and 5 are
considered.

4.2 Results of analysis

A comparison of the results of the analyses in terms
of settlement normalized with respect to that of the
embankment top for the case of no countermeasure



Table 2: Parameters for analysis of countermeasures

Countermeasure Type Soil Parameters Earthquake
arameters
No Countermeasure (NCY | e
Berm (BC) 50m long, 4m high berm Unit wt. of surface Level 1 Eq.:
Sheetpile (SP) Tvpe I sheetpile, £/=33750kN-m"/m layer, 7~17.6 kN/m’ §0F221ga1
. 50m long, 4m high berm + w=2lsec
Berm + Shcefplle {BC+SP) Tvpe [Hgsht!erpllihﬁf=3375[] kN—m].r'm Unit wt, ofquueﬁed .
c ion Method (SC 6.4m improved width, layer, 7~17.6kN/m Level 2 Eq.:
ompaction Method (SC) ¢ 700mm piles, G=4611kPa o Ace=600gal
Solidification Mcthod (HD) | _6.4m improved width, G=7652kPa Modulus of Elasticity, T.=10sec
Sand Drain Method (SD} | _6.4m improved width, 7,=49kPa E£=4300kN/m

1.0
o (Lavel 1)
EO,S (Level 1) [
k] (Level 1)
%0,3 (Level 2)
: (Level 2)
,§ 0.4 (Level 2) |
: | —
- | ‘\Q\A

|~
0.0 —

BC SP BC+SP
Type of Countermeasure

NC sD
Figure 10: Relation between type of countermeasure
and normalized settlement

(NC) is shown in Figure 10. It can be seen that, con-
sidering the features of the countermeasures em-
ploved in the analysis as listed in Table 2, the settle-
ment at the top of the embankment decreases in the
following order: no countermeasure, sand drain, with
berm, sheetpile, berm + sheetpile, compaction, and
solidification methods. The effectiveness of compac-
tion and solidification methods to mitigate the settle-
ment of river embankments is very evident. In the
analysis, the shear moduli of the compacted and so-
lidified portion are set to 4611kPa and 7652kPa. Ob-
viously, any change in the magnitude of the shear
medulus of the compacted or solidified ground will
reflect on the magnitude of the embankment settle-
ment. Moreover, the residual strength 7, of the sand
drains is set at 49kPa, and the results showed that the
computed settlement is in the same order as that of
with berm. This assumed value of residual strength
may change depending on the permeability and
method of construction, and therefore, difference in
computed settlement may also occur.

It can also be seen that for both earthquake levels,
the effect of damping ratio 4 on the normalized set-
tlement is negligible. The presence of the berm lim-
ited the settlement to only 45~60% of that which
would occur without countermeasure, while the
sheetpile wall and compaction method reduce the
settlement to only 15~40% and 2~8%, respectively,
for both Level 1 and Level 2 earthquakes.
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5 CONCLUDING REMARKS

A theory of prediction of ground displacement in-
duced by soil liquefaction is presented based on three
variational principles: minimum potential energy,
Lagrangean equation of motion and Hamilton’s prin-
ciple. The method is applied to the analysis of settle-
ments of river embankments observed during recent
earthquakes, and the calculations show generally
good agreement with the measured values. Also, the
applicability of the method when employed for the
evaluation of the effectiveness of various liquefaction
countermeasures is also presented.
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Resistance against liquefaction of ground improved by sand compaction

pile method

J.Ohbayashi, K.Harada & M. Yamamoto

Geo Engineering Division, Fudo Construction Company Limited, Japan

ABSTRACT: This paper describes a quantitative evaluation of the resistance against liquefaction of ground
improved by sand compaction pile (SCP) method, based on data of ground behavior at sites that have suffered
large scale earthquakes. Further, as factors behind the differences seen between improved and non-improved
ground in earthquake-caused damage, it examines the coefficient of earth pressure at rest in SCP-improved
ground and the distribution of ground strength in sand piles and the surrounding compacted ground. It also
reviews the evaluation of the resistance against liquefaction of ground improved by SCP method.

1 INTRODUCTION

Compaction methods have been widely used as a coun-
termeasure against liquefaction in Japan. Sand com-
paction pile (SCP) method is considered one of the
most reliable of these methods and it has been widely
adopted for ground improvement. Its effectiveness has
been confirmed at sites that have suffered earthquakes
in recent past, as shown in Fig. 1. However, in the
evaluation of the earthquake-resistance of ground com-
pacted by SCP method, much remains unclear.

This paper makes a quantitative estimation of the
liquefaction-resistance of ground improved by com-

Hokkaido Nansei-oki Earthquake (July *93; M=7.8) —
Effectiveness of SCP improvement for |
storage tank site at Hakodate confirmed. |

SCP used in embankment restoration work S
of Goshiribetsu River.

%
Nihonkai Chubu Earthquake (May '83; M=7.7) et fu

Effectiveness of SCP improvement for
Okitate storage tenk site confirmed. 21

Hyogo-ken Nambu Earthquake (Jan. "95; M=7.2)
Earthquake-resistant effect of ground

improvement confirmed. 7

SCP used for restoration work of quays,
breakwaters, etc. { /Z/-@
= L

paction, using data, including earthquake intensity and
SPT N-values (N-values), from sites that have suffered
a large scale earthquake in the recent past. An investi-
gation was also carried out into differences between
improved and unimproved ground, and the factors
contributing to them.

Further, as the cause for such differences, the in-
crease in earth pressure (coefficient of earth pressure
atrest, K ) specific to ground improved by SCP method
was examined, as well as the distribution in strength
across improved ground comprising sand piles and
compacted ground.

fﬂ *~ Hokkaido Toho-oki Earthquake (Oct. *94; M=8.1}
Effectiveness confirmed of SCP method at sites
where it was adopted for restoration work after
'93 Kushiro-oki earthguake, 5

1({

- ‘————— Kushiro-oki Earthquake (Jan. '93; M=7.8)

Effectiveness confirmed of SCP and gravel drain
metheds used for Kushiro's West Harbor, *

SCP used in resteration work of Kushiro and
Tokachi Rivers. %

t———-———— Sanriku Haruka-oki Earthquake (Dec. "94; M=7.5)
Effectiveness of SCP improvement confirmed
at Hachinohe storage tank site. 5

Miyagi-ken-oki Earthquake (Jun. *78; M=7.4)
Effectiveness of SCP improvement confirmed at storage
tank site near Ishinomaki fishing port. 1

M: magnitude of earthquake

Fig. 1 Sites suffered recent past large scale earthquakes and SCP improvement works
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2 EVALUATION OF IMPROVED GROUND BY
SCP METHOD

As Fig 1 shows, the effectiveness of SCP method of
ground improvement as a countermeasure against lig-
uefaction has been demonstrated at sites that have suf-
fered large scale earthquakes. Although liquefaction
has been observed in surrounding ground, the fact that
no damage has been observed in the improved ground
has largely been made as a qualitative assessment, and
only in very few cases has a quantitative evaluation
been made of the degree to which the ground improve-
ment has shown resistance against liquefaction.

On the resistance against liquefaction of ground
compacted by SCP method, Tokimatsu et al® have col-
lected the in-situ frozen sample (high-quality undis-
turbed sample) and undertaken cyclic triaxial tests.
Based on these results, Yoshimi® has shown ductile
behavior in that strain amplitude in the sand increases
only moderately when the intensity of earthquake
ground motion is increased significantly beyond a de-
sign value. Thus, compared with actual ground (or
laboratory specimens) with the same level of relative

Table 1 Data of sites suffered recent past large scale
earthquakes

Earthguake Max. acceleration | Number of | Improvement specs:
at ground surface boring | A trianpular grid
(gal) | Lisquare grid

Nihonkai Chubu 200 1 SCPA20m
Sanriku-Haruka-oki | A [ 440 I scPU1Sm

B | a0 2 SCPA19m

C | 600 3 SCPA1IY9m
B D | 600 6 SCPa1dm |
Hokkaido Nansei-oki 220 3 scPC115m
Hokkaido Toho-oki 200 4 SCP1).7Tm

N1 value

density, sandy ground compacted by SCP method
shows a much greater resistance against liquefaction.
The factors contributing to this increase in resistance
against liquefaction due to SCP method are thought to
be: 1 an increase in density, 2 an increase in horizontal
effective stress, and 3 the stabilizing of the microscopic
structure through cyclic shear.

Table 1 gives data on ground improvement sites
that have suffered recent past large scale earthquakes,
and Fig. 2 shows depth distributions of N-values for
compacted ground at those sites where there was no

Ni value Ni value Ni value

500 D 50
E
=
(=9
= €
!
4| Nihonkai Chobu Samrk Hanka-okiA | | Saniku Hirka ok B | | Sooniky MankaokiC | | Somribo Honvka-okiD | | Hokksido Nomscicki | | Hokiaido Toho-oki
= Broken fines show critical normalized SPT N-values
Fig. 2 Distribution of normalized SPT N-values (after improvement)
Ni value Ni value Ni value Ni value Ni value Ni value
50 50

Nihonksi Chubu

Sanriky Hansica-oki B

Sunsiky Hanka-oki A

Sanriky Hanuka-oki C

i
‘H -

Sanrik Hancka-oki D | | Hokkaido Namsei-oki Hoklcsido Toho-oki

15

Broken Bines show critical normulized SPT N-values

Fig. 3 Distribution of normalized SPT N-values (before improvement)
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evidence of liquefaction. The N-values were taken
for compacted ground of inbetween sand piles, rela-
tively soon (between 1 and 4 weeks) after the com-
paction work, and to avoid the influence of confining
effective stress, equation (1) was used to standardize
the figures per 98 kN/m? (1kgf/cm?) to Ny (normalized
SPT N-values). The data shown is limited to that for
which the ratio of fine content is less than 20%. Bor-
ing data from the same sites before improvement is

shown in Fig. 3. The figures show that the effect of

the SCP work was to increase N-values by roughly 10
to 20. Figs. 2 and 3 also show a depth distribution of
critical N-values. These were calculated from the re-
lation between N, values and resistance strength against
liquefaction in alluvial sandy ground shown by
Matsuo'®, and its relation to the dynamic shear stress
ratio obtained using equation (2) from the maximum
surface acceleration recorded near each site.

LN
Ni=——r 2y
95; +0.7
T max Qmax O
= (1-00159) g~ )
where,

Taa : maximum cyclic shear stress (kN/m?)
o+ :total overburden pressure (kN/m?)

1.0
i
0.9 |- SYaRTs 1
v v
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. 0.8 gy
4 - v
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% 05
f /Ko:0.5
g 04
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0.2 Bl R S O i : Chibe
WV Haruka-oki
0.1 (O Hokkaido Nansei-oki
A\ Hokkaido Toho-oki
0.0
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Normalized SPT N-value, Ni

Fig. 4 Relation between shear stress ratio and nor-
malized SPT N-values (before improvement)
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o' :effective overburden pressure (kN/m?)
z :depth (m)

ams - maximum surface acceleration (gal)

g :acceleration gravity (=980gal)

In the before-improvement state, almost all values ar
consistently lower than the critical N-values, wherea
after improvement some exceed the critical N-values

In order to clarify this relation, Figs 4 and 5 shos
the relation between N, values and the dynamic shez
stress ratio estimated to have applied at that point, be
fore and after improvement. These figures show N
values for alluvial sandy ground established by Matsu
and a suggested line marking the strength of resistanc
against liquefaction. Comparing the two, as for th
strength before improvement, there are many plots i
the area where liquefaction is likely to occur (left ¢
the suggested line), and this conforms with the fac
that traces of liquefaction were observed at points out
side the improved area when recordings were made
For the improved ground where there were no trace
that liquefaction had occurred, there are plots in th
area to the left of the suggested line where liquefac
tion might have been expected. But even though ther
are plots in this area, if they represent isolated point
within the ground, they will not directly lead to lique
faction or residual signs of it in the ground as a whole
and so to distinguish the plots in Fig. 2 that are lowe
than critical N, values at depths greater than 3m con
sistently, they are shown in black in Fig. 5. This mean

1.0
0.9 “w ]
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. 08 -
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£ 06
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= o] [ Nihonkai Chubu
8 pa— &1 V7 Haruka-oki
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" 1/ Black dots show boring data below critical N values |
0.0 al depths greater than 3m consistenty
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Normalized SPT N-value, N1

Fig. 5 Relation between shear stress ratio and nor-
malized SPT N-values (after improvement)



that even though consistent distributions are shown for
sites B and D that suffered the Sanriku Haruka-oki
earthquake and the site that suffered the Hokkaido
Nansei-oki earthquake, no traces of liquefaction are
observable in the improved ground. Put another way,
this result suggests the possibility that ground com-
pacted by SCP method has considerable resistance
against liquefaction compared with alluvial sandy
ground. The fact that its behavior in relation to lique-
faction is different even though it shows similar N-
values to unimproved ground has also been reported
by Yamazaki'",

The reason for this, besides the effect of Yoshimi's
studies mentioned earlier, can be thought of as the ef-
fect of characteristics brought about by the increased
rigidity of the composite ground consisting up of sand
piles and compacted ground.

3 CHARACTERISTICS OF GROUND IMPROVED
BY SCP METHOD

Of the characteristics of ground improved by SCP
method, the results of a study of the coefficient of earth
pressure at rest that shows the increase in horizontal
effective stress, and results of compiling variations in
strength for composite ground that contains sand piles,
are considered.

3.1 Increase in coefficient of earth pressure at rest
Fig. 6 shows K| values taken from borehole horizon-

tal loading tests that were carried out before and after
the ground was improved by SCP method. K Values

3.0 T T T T T T

2.5

2.0

15 ——

1.0 DR O

[ Disite A (soon after improvement)

o Esite A {after 2 years)

0.5 Osite B

Asite C

vaite D
i |

1

Coefficient of earth pressure at
rest after improvement

0.0 L I M I L

0.0 0.5 1.0 1.5 2.0 2.5 3.0

Coefficient of earth pressure at rest
before improvement

Fig. 6 Coefficient of earth pressure at rest before
and after improvement

that were around 0.5 before the ground improvement
rose 1o between 1.0 and 2.0 after improvement. A fur-
ther survey at site A carried out two years after the
improvement indicated no fall in K values. It has been
shown that the strength of the ground to resist lique-
faction increases with a rise in K values', and so the
effect of ground improvement by SCP in boosting K,
values can be regarded as one factor behind the strength
of such ground in resisting liquefaction.

At the time the suggested line was created in Fig.
5, the results of the cyclic triaxial tests carried out on
samples under isotropical condition (K, = 1.0) were
adjusted to the equivalent of K = 0.5. If these results
are adjusted to K, = 1.0, the suggested line more closely
conforms with the recorded data, as the broken line in
Fig. 5 shows.

3.2 Evaluation of composite ground

Evaluation of ground improved by SCP method has
always been carried out at a point furthest removed
from the sand piles (inbetween sand piles), as shown
in Fig. 7. As the figure shows, in unimproved ground
the distribution of N-values obtained through boring
closely matches the distribution throughout the whole
ground, however in improved ground it cannot be as-
sumed that the distribution represents the ground as a
whole. It further can be assumed that in reality there
are the distribution of ground strength around the sand
piles™. The distribution of ground strength of the sand
piles and the distribution of ground strength in the sur-
rounding ground were therefore examined from the
results of past SCP improvement work.
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Fig. 7 Schematic figure of evaluation before and
after improvement



In Fig. 8 shows the influence of fine content on N,
values for inbetween piles and those for pile center,
based on data from 16 ground improvement sites. As
the figure shows, the disparity between the two sets of
N values grows as the fine content increases, and to
evaluate the improved ground as a whole, the use of
N-values for inbetween piles gives safer results. Fur-
thermore, from the standpoint of the strength distribu-
tion in ground around sand piles, as Fig. 9a shows, the
increase in ANsw (Nsw is calculated by Swedish
weight sounding), declines with increasing distance.
In Fig. 9b the results of tests taken of ground between
sand piles after improvement by SCP method to cal-
culating from improvement ratios are shown as the dis-
tance from sand pile center plotted against the increase
in N-value for ranges of fine content’. The figure
reveals that when the fine content exceeds 40%, there
is no remarkable difference in the strength of the
ground related to the distance from the sand pile. But
below 40%, a trend can be identified whereby varia-
tions to strength correlate with the distance from the
sand pile, and when the fine content is below 20%,
this becomes considerably more marked. The results
of cone penetration tests on site at differing distances
between sand piles, shown in Fig. 9¢ (data by Non-
vibratory SCP method), give the similar results.

The fine content of the original ground has little
effect on the strength of the sand piles, which on aver-
age gives N; values of between 25 and 30 as shown in
Fig. 8. The sand piles constitute between 10% and
20% of the total area of the ground, but it can be as-
sumed that highly rigid sand piles will have some in-
fluence on the strength of the ground as a whole to
resist liquefaction.
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These results show that the resistance of the ground
against liquefaction was usually evaluated from N-
values obtained from the furthest point from sand piles,
it is possible that the evaluations tended to the side of
safety.

4 CONCLUSION

In this paper the strength to resist liquefaction in im-
proved ground compacted by SCP method is estimated
from data and survey results taken from improved
ground that has suffered a large scale earthquake and
the dynamic shear stress ratio thought to have applied,
and shows it is comparatively strong in resisting lig-
uefaction. Furthermore, the increase in the horizontal
effective stress, thought to be a relevant factor in this,
and evaluation of the strength of the composite ground
as a whole were reviewed based on existing survey
results.

In connection with the characteristics of ground
compacted with SCP method, there are many aspects
apart from those mentioned above that remain unclear,
such as changes to the microscopic structure and in-
creased rigidity of total compacted ground due to the
presence of sand piles, and these will require further
study.
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A simplified method to evaluate liquefaction-induced deformation
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ABSTRACT: A simplified procedure for the analysis of liquefaction-induced residual deformation was
proposed based on the testing method for stress-strain relationships of liquefied sands developed by the authors.
In this procedure, the authors assumed that residual deformation would occur in liquefied ground due to the
reduction of shear modulus. The authors applied this method to the grounds behind quaywalls, a gentle slope
and a river dike in Kobe, Noshiro and Hokkaido, respectively, where very severe damages occurred during past
earthquakes, to demonstrate the adaptability of this procedure. The results showed the fairly well adaptability.

1 INTRODUCTION

Liquefaction brings very large residual deformation
of grounds and earth structures such as ground flow
behind quaywalls and settlement of embankments.
Evaluation of the liquefaction-induced deformation is
necessary for precise seismic design. However, it is
hard to evaluate large deformation by almost all
seismic response analytical codes because large
strain cannot be considered in these codes.

The authors developed a simplified method to
evaluate the liquefaction-induced large deformation.
The code of the developed method is named “ALID”
(Analysis for Liquefaction-induced Deformation). In
the method, the authors assumed that residual
deformation would occur in liquefied ground due to
the reduction of shear modulus. In this paper, the
reduction of shear modulus studied by laboratory
tests are showed at first. Then principal of the
method and some applications are presented.

2 TORSIONAL SHEAR TESTS TO STUDY POST
LIQEFIEFACTION BEHAVIOR

2.1 Test apparatus and procedures

Torsional shear test apparatuses were used to study
the post liquefaction behavior. Toyoura sand which is
a clean sand was used at first to study the effects of
density, confining pressure and severity of
liquefaction. Then several sands were tested to study
the effect of fines content. (Yasuda et al., 1998)
Specimens were saturated, applied back pressure
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and consolidated. Then a prescribed number or
prescribed amplitude of cyclic loadings was applied
in undrained condition. Safety factor against
liquefaction, F;, which implies severity of
liquefaction was controlled by the number of cycles
or amplitude of the cyclic loadings. After that a
monotonic loading was applied under undrained
condition with a relatively high speed of »=10 % in
a minute, as shown in Figure 1. Relationships among
shear stress, r, excess pore pressure, 4 u, and
shear strain, » in the monotonic loading were
measured.

Consolidation

Cydlic loading

Shear stress

Liquefaction

Excess
porewater
oressure

A

Fig.1 Procedure of cyclic and monotonic loading

tima

2.2 Typical test results and definition of Goi, Gw, . G
and ¥ |

Figure 2 shows stress-strain curves and excess
porewater pressure-strain curves in the case of



Toyoura sand with different relative densities, Dr.
Scales of axes in Figure 2(c) are enlarged one of
Figure 2(a). Shear strain increased with very low
shear siress up to very large strain. Then, after a
resistance transformation point, the shear stress
increased comparatively rapidly with shear strain,
following the decrease of pore water pressure. As
shown in Figure 2(c), shear strain up to the resistance
transformation point increased with the decrease of
Dr. And, shear modulus up to the resistance
transformation point decreased with the decrease of
Dr.

T
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Fig.2 Stress-strain and strain-porewater pressure
curves for Toyoura sand

As shown in Figures 2, shear stress increased
comparatively  rapidly after a  resistance
transformation point. The amount of strain up to the
resistance transformation point is called the
“reference strain at resistance transformation, ¥ ;”
as shown in Figure 3. Stress-strain curves before and
after the reference transformation point can be
presented approximately by a bilinear model with G,
G; and ¥ o

=G, ¥ for v<y, (1)
=G v+ G v-» 1) for yZ v (2)
where G; and G; are the shear moduli before and
after the reference transformation point, respectively.

To know the reduction rate of shear mudulus due
to liquefaction, the rate of shear modulus Gy /Gy,
which is the ratio of shear modulus after and before
liquefaction, was calculated. Two types of Gy were
selected : D Gy, : secant modulus of stress-strain
curves at »=0.1% inthe case of without cyclic

T Static

G;
Turning
point '1""J
Gos A i
o - o ‘_{ G
B i /
T 01% T 7
| Small resistant region——

Fig.3 Definition QfGﬂf‘ G, Grand v

loading (A w/ ¢ ,’ =0) and @ Gy : estimated from
SPT N-value by the formula of Gy=28N. In the first
shear modulus, 0.1 % of shear strain was selected
because the strain of soils which occurs in the ground
due to overburden pressure is estimates as around ¥
=0.1 % in usual case. The second one is widely used
for the design of foundation in Japan.

2.3 Relationships among shear modulus ratio, Fy
and fines contents

Relationships between the shear modulus ratio, G
/Gg; and fines content less than 75 pu m, Fc, in the
range of F =0.9 to 1.0 were plotted in Fig 4. The
ratio G, /Gy; increased with Fe. Though figures are
not shown here, G;/Gy; decreased with F;. Based on
the test results, relationships among shear modulus
ratio, F; and Fc¢ are summarized as shown in Fig.5.
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Fig.4 Relationships between shear modulus ratio and
fines contents
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Shear modulus ratio, G,/Gy; Gv/Gw
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Fig.5 Summary of relationships among shear
modulus ratio, F; and fines contents

3 OUTLINE OF THE PROPOSED METHOD
3.1 Concept of the proposed method

Figure 6 shows the concept of the stress-strain curves
which are used in the proposed method for
liquefaction-induced deformation. Line £ denotes a
backbone curve at the beginning of the earthquake.
Point A in Fig.6 is supposed to be initial state of a
soil element in the ground. When excess porewater
pressure generates, malerial properties such as shear
strength and elastic moduli change. Suppose that the
backbone curve moves from £ to m due to
liquefaction, then strain should increases in order to
hold the driving stress. Since driving stress, however,
decreases according to the change of geometry,
actual strain increment from state £ to m is from A to
C. Namely, strain increment caused by the change of
material property is v ¢-v a. Ground flow stops
when new material property comes to balance with a
new driving stress, which is shown as point C in the
figure. In the proposed method here, two paths : @
A to C through B and @ O to C through B are
assumed though the actual path is A to C because of

ke.
e e'aﬂ.hqua e
(e 0efe 7

“
N
.- m iy model
0 T,q Tc T

Fig.6 Schematic of stress-stain curves

simplification.

If the two paths are assumed, two procedures to
analyze the liquefaction-induced deformation are
available:
a)Stress relaxation method

In the first stage, state before the earthquake is
calculated by the FEM using stress-strain curve £.
Then by holding the strain, stress-strain curve is
changed to m. In this stage, external stress and
internal stress are not balanced because the strain is
fixed. Therefore it is necessary to relax the
unbalanced stress. During the process of the
relaxation , increment of shear strain due to
liquefaction, ¥ - v a and liquefaction-induced
deformation of the ground can be calculated,
b)Self weight method

In the first stage, deformation of the ground is
calculated by the FEM using stress-strain curve £
same as the stress relaxation method. Then the same
gravity force is applied to the same model again by
using the stress-strain curve m. Deformation due to
liquefaction-induced flow can be evaluated by
deducing the deformation form the second one to the
first one.

Both methods have merits and demerits. Stress
relaxation method is reliable and any stress-strain
curve can be applied. However, special modification
is necessary from the conventional FEM codes. Self
weight method can not take into account the
change of the driving force, but arbitary FEM
program can be used. In the following analyses, the
self weight method are employed with linear stress-
strain relationships.

3.2 Modeling of the ground

In the modeling of the liquefied soil layers, F; of
liquefiable layer is evaluated at first by some method.
Then the rate of reduction of shear modulus due to
liquefaction is estimated by laboratory tests or Fig.5.
Shear modulus of the upper unliquefiable layers had
better to be reduced because frequently cracks are
induced in the unliquefiable layers during the
liquefaction-induced flow. Shear modulus ten times
larger than that in the liquefiable layer was applied in
the following analyses based on several back
analyses during past earthquakes.

If the boundary between ground and caisson or
sheet pile walls is connected directly, the ground just
behind the walls cannot settle. Therefore, it is
recommended to use joint elements or double nodes
which move together in the horizontal direction but
move independently in the vertical direction.

Subsidence of the ground surface occurs by two
mechanism : geometrical change due to the flow and
densification due to dissipation of excess porewater
pressure. The subsidence by the first mechanism is
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evaluated automatically in this analysis. Some
additional analyses are necessary to evaluate the
subsidence due to the second mechanism. Though an
analytical procedure in FEM is available to evaluate
the subsidence, simple estimation, for example
estimation by the Ishihara and Yoshimine’s method

(1992), is recommended because modification of

standard programs is not so easy.

3.3 Note for locking of element

Because undrained behavior is assumed in the
analysis of liquefaction-induced flow, apparent bulk
modulus or total bulk modulus of the liquefied sand
can become very large, resulting in Poisson’s ratio to
be close to 0.5, In such a situation, it is known that
deformation of the element is constrained as
Poisson’s ratio reaches to 0.5 if two point Gauss-
Legendre integral that is commonly used in the finite
analysis is employed in computing the element
stiffness matrix. This phenomena is known to be
locking of element. Reduced integral technique is
known to be effective to avoid locking effect, but it
creates another problems, i.e., hourglass instability.
This problem can be avoided by employing the anti-
hourglass stiffness. In this section, we examined
various methods to compute element stiffness matrix
in order to make the effect clear.

Flement stiffness matrix was computed by the
following four methods:

1) Two point Gausse-Legendre integral

2) Reduced integral (one point Gausse-Legendre
integral)

3) Reduced integral with anti-hourglass stiffness
(Yoshida, 1989)

4) Condense from four triangular element

Two point Gauss-Legendre integral is the muost
common method in the finite element analysis. The
quadrilateral element is divided into four elements by
making a new node at the center of the element in the
condense method. Element stiffness matrix of the
quadrilateral element is made by eliminating the
internal node internally. This condense dose not
affect the result, therefore, if a computer code does
not have this function, one can divid the quadrilateral
element into four triangular element by hand. It is not
recommended to divide a quadrilateral element into
two triangular elements because stiffness has
direction dependent characteristic.

The Uozakihama site shown later was used. The
results are show in Fig.7, and can be summarized as
follows:

a) A conventional method, i.e., two point Gauss-
Legendre integration underestimate displacement
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Fig.7 Comparison of deformation computed by four
methods

very much. Therefore this method is not
recommended.

b) Distinct hourglass mode deformation is observed
if only reduced integration is employed. Therefore,
deformation pattern of each element sometimes
seems extraordinary. The average deformation,
however, nearly the same with following two cases.
¢) Both reduced integral with anti-hourglass stiffness
and condense from triangular element show nearly
the same displacements.

Therefore reduced integral with anti-hourglass
stiffness is the best method because amount of
calculation is smaller. If the computer code does not
have anti-hourglass stiffness, one can use triangular
elements by dividing a quadrilateral element into
four triangular elements. If one does not mind the
deformation of each element but want only global
feature, one can use reduced integral, too.
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4 TYPICAL ANALYSED RESULTS

The proposed method “ALID™ was applied to several
structures which were damaged during past
earthquakes, to demonstrate the adaptability of the
method. Among them three cases are shown in this
paper. In the analyses, shear modulus before the
earthquake were estimated by SPT N-values, and Fp,
was evaluated by the method introduced in the
Specification for Highway Bridges (1996).

4.1 A caisson type quay wall at Uozakihama

A caisson type quay wall moved toward the sea
and the ground behind the wall flowed at
Uozakihama in Kobe during the 1995 Hyogoken-
nambu earthquake. Horizontal displacement of the
wall was 2.0 m and the flow extended to more than
100 m from the wall. Fig.8 shows the analyzed result.
Horizontal displacement of the wall was 1.2 m and
the flow extended more than 100 m. It can be said

D'splacernentl L1 I
0 0 20

that analyzed results agree well with the actual
damage.

4.2 A gentle slope at Aoba-cho

A very gentle slope with the gradient of about 1 %
flowed due to liquefaction at Aoba-cho in Noshiro
City during the 1983 Nihonkai-chubu earthquake.
Analyzed deformation is shown in Fig.9. Figure 10
compares the distribution of horizontal displacement.
As shown in this figure, average displacement is
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Fig.9 Deformation of a gentle slope
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Fig.10 Distribution of displacements on the ground surface
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Fig.11 Deformation of a river dike

fairly coinceded with the actual displacement.
Exactly speaking, however, displacement is
underestimated in the left side in the cross section.
Two reasons may exist : (D a steep slope which is
located at left outside from this figure pushed the soil
layer to right direction and @ nodal points at left
boundary cannot move in the horizontal direction in
the analysis.

4.3 A river dike in Hokkaido

River dikes of the Siribeshi-toshibetsu river were
damaged due to liquefaction during the 1993
Hokkaido-nansei-oki earthquake. Settlement of the
dike at near Shin-ei Bridge was 2.6 m. Two shear
moduli were assumed for the embankment in the
analyses: (I) shear modulus does not decrease @
shear modulus decrease as same as the unliquefiable
layer. Figure 11 shows the deformation analyzed
under-the second assumption. Analyzed settlement
on the top of the embankment was 0.9 m and 3.2 m,
respectively. Therefore, some reduction of shear
modulus of embankment may be necessary.

5 CONCLUSIONS

A simplified method to evaluate liquefaction-induced
deformation was proposed. Then adaptability of the
method was confirmed by several case studies. As
the proposed method is very sensitive for reduction
of shear modulus, it is recommended to conduct
laboratory tests. Moreover, special attention is
necessary for locking effect. Reduced integral with
anti-hourglass stiffness is the best method to avoid
the locking effect. However, if the code does not
have anti-hourglass stiffness, triangular elements by
dividing a quadrilateral element into four triangular
elements are also available.

ACKNOWLEDGEMENT

Cyclic torsional shear tests were conducted by Mr. T.
Terauchi and Mr. H. Morimoto. Soil data at the dike
was provided by a technical committee organized by

560

Japan Institute of Construction Engineering. The
authors would like to express their thanks to them.

PREFERENCES

Ishihara K. and M. Yoshimine 1992. Evaluation of settlements
in sand deposits following liquefaction during earthquakes,
Soils and Foundations, 32: 173-188.

The Japan Road Association 1996. Specifications for Highway
Bridges.

Yasuda, S., T. Terauchi, H. Morimoto, A. Erken & M. Yoshida
1998. Post liquefaction behavior of several sands, Proc. of
the 11" European Conference on Earthquake Engineering,

Yoshida, N. 1989. Finite displacement analysis on
liquefaction-induced large ground displacements, Proc.,
2nd Japan-US Workshop on Liguefaction, Large Ground
Deformation and Their Effects on Lifeline Facilities, ; 207-
217.



Earthquake Geotechnical Engineering, Séco e Pinto (ed.) © 1999 Balkema, Rotterdam, ISBN 90 5809 116 3

Zoning for liquefaction risk in an [talian coastal area using CPT
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ABSTRACT: With a view to drawing up digitised maps of liquefaction risk along the Romagna coast, for
which about eight hundred cone penetration tests (CPT) are available, four different methods based on CPT to
evaluate safety factor profiles are analysed and compared. The methods considered are those proposed by (1)
Robertson and Wride (1997), (2) Suzuki et al. (1997), (3) Shibata and Teparaska (1988), and (4) Olsen (1997).
The synthetic index introduced by Iwasaki et al. (1978), representative of the liquefaction potential in corre-
spondence with every profile explored by means of CPT, was employed for drawing up the digitised liquefac-
tion risk maps. Up until now, one hundred mechanical cone penetration tests have been digitised. The afore-
said four methods have been applied to these tests. A comparison of these methods points out a substantial

agreement between the results.

1. INTRODUCTION

With the aim of zoning the seismic geotechnical
hazards in the territory of several municipalities on
the northern Italian Adriatic coast, a study for the
assessment of soil liquefaction risk has been carried
out within the framework of a research promoted
and supported by the Emilia — Romagna Region.

An analysis of the regional seismicity has indicated
that in the site the seismic conditions for liquefac-
tion exist (Rebez et al., 1996; Marcellini et al.,
1998). Moreover, historical investigation has shown
that some effects of past earthquakes observed by
eye-witnesses on the beaches, deltas and river chan-
nels (cracks in the ground with seepage of water and
sand or mud, sand boils, etc.), can be interpreted as
liquefaction signs (Serpieri, 1889; Galli and Meloni,
1993).

The best approach in mapping seismic risk of a
large and urbanised area is to utilise as much as pos-
sible existing geotechnical information (TC4, 1993).
Therefore a bank of existing geotechnical data has
been created. In the area under study a great amount
of mechanical CPT tests were available. Thus, to
evaluate the liquefaction risk, reference was made to
procedures that use this type of test. At the present
state of the research, 100 CPT tests have been dig-
itised which concern an area of approximately 10
square km.
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Studies of regional geology and historical seismicity
have been also carried out.

Of course, the reliability of the final product, i.e. the
microzoning map, depends on both the procedure
used to process the data and also on the density and
quality of the experimental data, that is due also to
the type of probe used in the CPT (mechanical or
electrical). As far as the first aspect is concerned,
four of the most recent analysis procedures have
been applied to 100 CPT profiles, and a comparison
of the results was made. As to the second aspect,
integrative research is under way that is aimed at
controlling the quality of the available geotechnical
data and checking the uncertainty introduced by
using the interpretative procedures developed for an
electrical CPT to process the data obtained by
means of a mechanical probe.

2. LIQUEFACTION POTENTIAL INDEX

For mapping the liquefaction risk, a single numeri-
cal value must be associated with each profile ex-
amined. A synthetic index representative of the lig-
uefaction risk was introduced by Iwasaki et al.
(1978). It is the liquefaction potential index, Py, de-

fined as follows:

P, = [F2)- w(z)-dz 1)



in which z is the depth below the ground surface,
measured in meters and defined up to the value of
20 m beyond which liquefaction phenomena can be
excluded, F(z) is a function of the liquefaction re-
sistance factor, FSL, which assumes a value of zero
for FSL>1, and is the complement to 1 for FSL<I;
w(z) = 10 - 0.5 z is a linearly-decreasing function of
depth z.

The P, values range from 0 to 100 but Iwasaki et al.
(1978) demonstrated that P, values greater than 15
identify a high susceptibility to liquefaction dam-
age. This index can be applied to all the methods
that involve the calculation of liquefaction resis-
tance factor, FSL.

In a given depth of a generic soil profile, FSL is by
definition the ratio between the capacity of resis-
tance against liquefaction (CRR = Cyclic Resistance
Ratio) and the demand for resistance to liquefaction
(CSR = Cyclic Stress Ratio):

CRR

FSL = ———
CSR

2

To calculate the FSL safety factor, the two vari-
ables, CSR and CRR, must be evaluated separately.
The results of in situ tests, and particularly of the
CPT test, may be used for estimating the capacity of
resistance to liquefaction, CRR.

Instead, the demand for resistance to liquefaction,
CSR, is a parameter of seismic load. For an earth-
quake with a magnitude of 7.5, this is normally es-
timated by means of the following semi-empirical
equation, which was proposed by Seed and Idriss

(1971);
£
CSR = LTAJ =065 [aﬂ] [“—”] 1 ()
G\'ﬂ g GvU
in which:

— 4., 18 the horizontal peak acceleration at the sur-
face of the deposit;

— ¢ is the acceleration of gravity;

-6, and o’ are, respectively, the total and effec-
tive vertical lithostatic stresses;

- 1, is a stiffness reduction which, in simplified
procedures, are assumed to vary only with the
depth.

At present, the most reliable equations for the esti-

mate of ry (NCEER, 1996) are the following:

r,=1-0.007652
r,=1.174-0.0267 z
r,=0.774 - 0.008 z

forz<9.15m
for9.15<z<23m
for 23 <z <30m
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r;=0.5 for z>30m.

The liquefaction potential index, P can be easily
mapped, either by partitioning the area under con-
sideration into cells and averaging the P, values
over each cell (Twasaki et al., 1982), or by contour-
ing the point data obtained for each profile ex-
plored. In the present paper the latter way was
taken, and, according to Iwasaki et al. (1978), the
four classes of risk severity, which are indicated in
Table I, were assumed.

Table I: Liquefaction index and associated risk level

Value of P, Liquefaction risk

P, =0 very low o
0<P <5 low

5<P <15 high

15<P_ very high

3. USE OF CPT TESTS FOR EVALUATING THE
CYCLIC RESISTANCE RATIO, CRR

The reason for the success of CPT in evaluating the
susceptibility to liquefaction of soils may be found
in the greater accuracy and repeatability of this test
compared to SPT, as well as in its low cost, and in
the possibility of having continuous records with the
depth of two independent measurements of soil re-
sistance: the cone resistance, qc, and the local fric-

tion resistance, fg. The greatest limitation of the

CPT lies in the fact that, differently from the SPT, it
does not permit taking soil samples.

The early techniques for analysing liquefaction risk
using CPT were developed in the 1980's. They util-
ised the procedures based on the SPT test, using
available correlations between SPT and CPT and
converting the q-values to Ng-values. By this
means the charts to evaluate liquefaction resistance
based on Ng,, can be used (Seed and Idriss, 1982).
But these procedures called for additional field in-
vestigation, because - as already noted - the pres-
ence of a non negligible fine content (FC > 5%) has
considerable influence on the cyclic resistance ratio
of sandy soil. This condition frustrated a good part
of the CPT test's advantages, as integrative sound-
ings, the extraction of numerous soil samples for
grain size analyses and the use of empirical correla-
tions (whose reliability is generally uncertain), were
required for the assessment of soil conditions.

In recent years, the growth in the CPT statistical
data base has made it possible to develop techniques
for analysing the liquefaction potential directly



based on CPT. Several of these procedures not only
do not require a prior knowledge of the grain size
distribution, but also take into account the other
factors connected with the presence of a clay frac-
tion (plasticity, stress history, soil structure).

4. PROCEDURES USED

The four procedures used to evaluate the liquefac-
tion potential are described in detail in the works of:
1} Roberison e Wride (1997),

2) Suzuki et al. (1997),

3) Shibata e Teparaska (1988),

4y Olsen (1997).

For every profile, their use require:

a) an estimate of the profile with depth of the resis-
tance to liquefaction, expressed in terms of cyclic
resistance ratio (CRR) or of normalised cone
penetration resistance (qgpy); this resistance is
derived from the results of the CPT test;

an estimate of the profile of the expected seis-
mic action expressed in terms of the cyclic stress
ratio (CSR) or of the critical normalised resis-
tance (qepn,cr)s this action is expressed as a

function of the seismic parameters of the ex-
pected earthquake (peak acceleration ap,, and
magnitude M) and of the tensional state at the
testing depth;

c) a calculation of the profile of the factor of lig-
uefaction resistance, FSL, down to a depth be-
yvond which the possible occurrence of lique-
faction phenomena can be excluded.

The aforementioned simplified procedures are based

on field observations referring to earthquakes of

magnitude M=7.5. To apply them for liquefaction
analysis with earthquakes having a magnitude other
than 7.5, a magnitude scale factor, MSF, is utilised,
which is a multiplier of the cyclic resistance ratio
CRR7 5 (even if it would be more logical to use it

b}

as a divisor of the cyclic stress ratio, CSR). For a
long time, the value to be attributed to MSF was
calculated with the equation:

MSF = - .Q.'GS — (4
01-(M-1)

which analytically reproduces the numerical values
proposed by Seed and Idriss (1982).

More recently, with a larger and more significant
data base, many researchers have demonstrated that
application of equation (4) leads to an overestima-
tion of the liquefaction risk when the magnitude is
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less than 7.5, and to an underestimation of the risk
when the magnitude is greater than 7.5. They have,
therefore, proposed alternative equations.

For earthquakes of a magnitude greater than 7.5, the
recent NCEER recommendations (Youd, 1997)
suggest employing MSF values given by the equa-
tion (Idriss, 1990):

1 02.24
"

MSF 5)

and for earthquakes of a magnitude of less than 7.5,
intermediate MSF values between those of equation
(5) and those calculated with the following equa-
tion (Andrus and Stokoe, 1997):

M

-33
75)

MSF = ( > (6)

Table II contains a comparison of the traditional

MSF values by Seed and Idriss (eq. 4) with those of
the NCEER recommendations.

Table II: Comparison of the scale factor values of the
MSF magnitude according to Seed and Idriss (1982)
with those of the NCEER recommendations (Youd,
1997)

M 5.5 6 6.3 7 7.5 8 8.5
Eq.(4) 1.44 130 1.18 1.08 1.00 093 087
NCEER 250 193 152 1.22 [.00 085 073

In the case under study, the magnitude of the design
carthquake was M = 6, and the difference between
the two scale-factor values of the magnitude was
very great. In a previous study, a map of the seismic
liquefaction risk of the same zone (Crespellani et
al., 1997a) was obtained with the same CPT data
base, but utilising equation (4). The contouring lines
of the liquefaction potential index obtained in the
two studies had a similar form, but correspond to
very different values of risk; im practice; by em-
ploying equation (4) as the magnitude scale factor
instead of the value suggested by the NCEER rec-
ommendations, the areas classified as "low risk"
passed to the "high risk” category, and the "high
risk" ones passed to the "very high risk" category.

The above four procedures were applied to the first
100 digitised CPT tests. The penetration profiles
that reached depths of more than 20 m were cut off
at that depth. As design seismic data a magnitude
of M =6 and a peak acceleration of a,, = 0.275g
were assumed. For each profile, a saturated volume
weight of y,,, = 19 kN/m® and a depth of water table



(where not measured) of z, = 1.5 m were consid-
ered.

The mean, minimum and maximum values and the
standard deviation of P, and the total thickness of
the layers that can liquefy ZH (m) obtained with the
four aforementioned procedures are indicated in Ta-
ble IIL

Table III: Comparisen of the results obtained using the
four procedures

PL TH
DA B H]|O]C @
Min. [ 0 JoJo o] o]of[oT]o
Max. [7.42[8.9919.51[3.76] 4.40 [ 3.80 | 3.80 [ 1.80
Mean | 1.95[1.65[1.72[0.39] 139 [ 1.26 | 1.13[0.30
S.D. |2.01]1.92[1.97]0.67] 126 |1.22 | 1.09 | 0.45

In figures la, 1b and Ic, the values of the liquefac-
tion potential index in the design seismic conditions
obtained, respectively, using procedures 2, 3 and 4,
are compared separately with the values obtained
using procedure 1 assumed as reference (in the ab-
scissa in the graphs). In figures 2a, 2b and 2¢, the
values of the total thickness of the liquefiable layers
in the design seismic conditions, obtained respec-
tively by using procedures 2, 3 and 4, are compared
separately with the values obtained in procedure 1
assumed as reference (in the abscissa in the graphs).
Compared to the values obtained with the reference
procedure, procedure 4 led to a systematic underes-
timation of the liquefaction potential index, while
procedures 2 and 3 led to estimates that diverged
unsystematically and independently of the value of
P.. The mean value of P, in procedure 1 was the
highest. The overall mean thickness of liquefiable
layers was not much different with that obtained ap-
plying the procedures 1, 2 and 3, and was distinctly
less when procedure 4 was used. As the results ob-
tained by applying the first three procedures were,
compared to those obtained with procedure 4, more
conservative, very similar and did not lead to differ-
ent classes of liquefaction risk, only a procedure
was used in order to extend the analysis to other
CPT tests and for mapping liquefaction risk. In
particular, because of its greater completeness and
reliability, the Robertson and Wride procedure
{1997) was chosen for the subsequent analyses.

5. MAP OF LIQUEFACTION RISK
The values of the liquefaction potential indexes, as-

sociated with to each of the profiles explored by
means of CPT, were located in a two-dimensional
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map and contoured with interpolation lines, linking
the points having equal values of P;. The map ob-
tained is shown in figure 3. The contour lines have a
distance of APy = 2, and the intensity of the grid is

proportional to liquefaction risk level according to
Table I. It is possible to observe that the pattern of
the points investigated is not regular, and therefore
the accuracy of the result varies from zone to zone.

6. CONCLUSIONS

Several conclusions can be drawn from the analysis

made.

As far as the procedures for evaluating the liquefac-

tion risk from CPT tests are concerned, it can be ob-

served that:

1. Three of the four procedures used gave results
that were essentially equivalent and, in the spe-
cific case, did not modify the risk class.

2. The procedure of Robertson and Wride (1997) is
the most complete one, and was therefore cho-
sen for drawing up the liquefaction risk maps.

3. The results of the analysis were much more in-

fluenced by the value of the scale factor of mag-

nitude than by the calculation procedure.
As far as liquefaction risk in the area under study is
concerned (figure 3), it can be noted that:
1. The geological, morphological and geotechnical
conditions in the coastal zone correspond to
those of the soils susceptible to liquefaction.
The seismic conditions that exist in the area are
such that cyclic liquefaction phenomena may
occur, as the earthquakes expected with a return
period of 475 years are characterised by an in-
tensity of I = VIII MCS and a peak acceleration
of ap,,, =0.24g.
From the risk map obtained, it can be inferred
that, according to Iwasaki's classification
(1978), the risk class is "high" level in the delta
of the river Rubicone, and "low" in the remain-
ing part of the coast.
The phenomena observed during several historic
earthquakes can be attributed to the cyclic lique-
faction of the soil.
In consideration of the high population density
and the damages of liquefaction, a precise risk
analysis is of great importance for urban plan-
ning and earthquake protection in the area.
Therefore, further research must be devoted to
the estimate of amplification site effects as well
as to the assessment of non linear behaviour of
soils.
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Figure 2 : Comparison of the thickness of liquefiable layers obtained using the four procedures
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Analysis of full-scale tests on piles in deposits subjected to liquefaction
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ABSTRACT: This paper describes results and analysis of shaking table tests on a prototype-scale soil-pile model.
A model of pile foundations embedded in saturated sand was used to investigate the performance of piles when
surrounding soils undergo liquefaction during earthquakes. It is shown that the lateral displacement of liquefied
layer and pile-head fixity condition are key factors influencing the pile response. A reasonably good agreement is
found between the experimental results and theoretical predictions by an effective stress method of analysis.

1 INTRODUCTION

Performance of pile foundations may significantly be
affected when surrounding soils undergo liquefaction
during earthquakes. This observation is abundantly
confirmed by well documented case histories from the
1995 Kobe earthquake where a number of piles has
been found damaged or collapsed as a result of soil
liquefaction (Tokimatsu and Asaka, 1998; Ishihara
and Cubrinovski, 1998). Essentially, the liquefaction-
related damage to piles is caused by an excessive
lateral movement of the liquefied soil layer. Here,
lateral ground displacements associated with two
manifestations of liquefaction have to be recognized,
i.e., cyclic displacements in the course of dynamic
softening of the soil, and permanent displacements
due to lateral spreading of liquefied deposits.

In an effort to gain fundamental understanding of
the mechanism that brings large vulnerability to piles
when surrounding soils liquefy, a number of studies
utilizing 1-g and centrifuge shaking table tests on soil-
pile models have been recently carried out in Japan.
This paper presents results and analysis of a unique
liquefaction experiment on a prototype-scale soil-pile
model. The level ground model discussed herein was
designed to investigate the cyclic phase of the
interaction, and therefore it excludes the effects of
lateral spreading.

2 FULL-SCALE LIQUEFACTION TESTS

The soil-pile model was prepared in a laminar box
with plan dimensions of 12 by 3.5 meters, and height
of 6 meters. The laminar box was bottom-fixed at a
large shaking table. A 5.2 m thick deposit of saturated
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sand was prepared by pouring the sand into the
laminar box through a water layer with a height of
about 60 cm. The relative density of the sand layer
prepared in the above manner is assessed to be in the
range between 50 and 55 %. Shear wave velocity
measurements along two vertical profiles indicated
values of about 90 m/sec and 110 m/sec for the shal-
low and deep parts of the sand layer, respectively.

Three independent pile foundation systems aligned
in the direction of shaking were used in this model
test. Each foundation consisted of a group of four
piles connected at their tops in a model footing with a
mass of 8tons. Two of the foundations were of
prestressed high-strength concrete (PHC) piles and
one was of steel piles. This paper presents only the
results and analysis of the PHC-pile foundations.

The PHC piles were 5 m long and 20 cm in
diameter. They had hollow-cylindrical cross section,
with a wall-thickness of 4 cm and prestress level of
10 MPa. Each pile was bolted at the base of the lami-
nar box whereas the pile tops where either fixed or
pinned in the footing. Figure 1 shows a side view of
the soil-pile model and layout of the instrumentation
used. For the sand layer, pore pressure transducers
and accelerometers were installed in several vertical
arrays. In addition, lateral displacements and settle-
ments of the ground surface were measured at two
locations. The piles were instrumented with acceler-
ometers along the depth and displacement transducers
at their tops. Pairs of strain gauges were attached
along the pile body for measuring bending moments.

The soil-pile model was shaken with a series of
sinusoidal motions applied at the base of the laminar
box. The first two shaking events which are referred
in the following as Test 1 and Test 2 are discussed
herein. The base acceleration time histories applied in
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Figure 2. Base input motions: (a) Test 1, ag,y =
0.084 g; (b) Test 2, apx =0.21 g

Test 1 and Test 2 are shown in Figure 2. The motions
have a frequency of 1 Hz and peak accelerations of
0.084 g and 0.21 g respectively.

3 KASUMIGAURA SAND

The test soil used, Kasumigaura sand, is a well-
graded sand with a mean grain size of D5 = 0.265
mm and fines content of about 3 % by weight. It was
found to have a specific gravity of 2.71, maximum
void ratio of e, = 0.966 and minimum void ratio of
Emin = 0.569.

Multiple series of laboratory tests on saturated soil
samples were conducted to investigate the defor-
mation characteristics of Kasumigaura sand. The
majority of the tests were conducted on samples
prepared by the water sedimentation method (WS)
since it was assumed that this method of sample
preparation provides the most representative fabric for
the soil deposit of the model test. In addition, tests on
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Figure 3. Effective stress paths in undrained tests

samples prepared by wet tamping (WT) were used to
investigate the steady state and stress-strain charac-
teristics of the sand with different fabrics. Selected
results of tests which were used for analytical model-
ling and are illustrative of the deformation charac-
teristics of Kasumigaura sand are introduced below.

3.1 Monotonic undrained behaviour

Effective stress paths measured in monotonic
undrained torsional tests are shown with the solid
lines in Figure 3. In these tests, water-sedimented
samples were isotropically consolidated to a confining
stress of 30, 50, 100, 200 or 300 kPa, achieving
relative densities of 50, 51, 53, 54 and 55 %
respectively. It is worth noting that these relative
densities are in the same range with those of the
deposit in the laminar box. It may be seen in Figure 3
that the effective stress path is nearly flat prior to the
phase transformation, exhibiting marginal behaviour
between drop and no-drop in the shear stress. This
behaviour is typical of a loose sand.

The steady states obtained in monotonic undrained
tests are plotted in the void ratio- mean effective stress
diagram in Figure 4. Here, each symbol represents
the ultimate state of a sample attained in triaxial com-
pression (TC), triaxial extension (TE) or torsional
mode of loading. A reasonably well defined steady
state line is seen to exist though the modes of defor-
mation and fabrics of Kasumigaura sand are different.

3.2 Cyclic strength

Five series of cyclic undrained tests on water-
sedimented samples were conducted to determine the
liquefaction resistance of Kasumigaura sand. The
cyclic strength for different relative densities of the
sand is displayed in Figure 5 in a typical plot showing
the relationship between the uniform cyclic stress
ratio and the number of cycles causing 5 % or 7.5 %
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double amplitude axial or shear strain respectively.
Apparently, Kasumigaura sand has relatively low
cyclic strength, with 10 cycles of 0.145 cyclic stress
ratio or only a single cycle of 0.25 stress ratio being
sufficient to cause liquefaction and induce large shear
strains for samples with a relative density of 54 %.
As expected, the cyclic strength of the sand increases
with increasing relative density. It is interesting to
note that the cyclic strengths measured in the triaxial
and torsional tests were found to be similar for
samples having comparable relative densities.

4 NUMERICAL ANALYSIS

A fully coupled effective stress method of analysis of
saturated soil was used to analyze the soil-pile model.
The finite element mesh consisted of four node solid
elements and beam elements representing the soil and
the piles respectively. It was estimated that the
interaction of the adjacent pile systems may be
neglected in the analysis, and therefore, numerical
models with a single pile foundation system placed
nearly at the center of the laminar box were adopted.
Lateral boundaries of the numerical model were tied
to share identical displacements in order to model the
lateral constraint imposed by the laminar box. Both
soil and piles were modeled as elastoplastic materials.

4, 1 Constitutive model for sand

An elastoplastic deformation law for sands which is
based on a state concept interpretation of sand
behaviour was employed in the analysis. The use of
the state concept for sand modelling is described in
Cubrinovski and Ishihara (1998a) whereas the
elastoplastic formulation of the model is given in
Cubrinovski and Ishihara (1998b). Here, only some
features of the model are highlighted and brief
description of the determination of the material
parameters of Kasumigaura sand is given.
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Figure 5. Cyclic strength for various relative densities

4.2 Material parameters

The key feature used in the state concept descrip-
tion of soil behaviour is that shear behaviour is related
to the initial state of the sand in the void ratio - mean
effective stress diagram. Here, what counts is the
relative initial state with respect to some reference
states in the e - p diagram. The particular reference
lines used in this model are those shown in Figure 4
where the UR-line is defined by the void ratio at
which the steady state line intersects the ordinate.

In addition to the reference lines, the model
requires three groups of material parameters to be
determined, as indicated in Table 1 where the material
parameters of Kasumigaura sand are listed. The
elastic parameter A was evaluated from the measured
shear wave velocity of the deposit in the laminar box
while the values of » and v were assumed. The
stress-strain parameters were determined from
relationships of the peak stress ratio and initial shear
moduli with the state index I; (Ishihara, 1993), as
shown in Figure 6. These relationships were defined
by using normalized stress-strain curves of five
drained p-constant torsional tests. Finally, the
dilatancy parameters (4, and §, were determined
through simulations of behaviour observed in
monotonic and cyclic undrained tests respectively,
whereas the critical stress ratio M was assessed from
the tests shown in Figure 3.

By using the values of the material parameters
listed in Table 1, it is possible to model both mono-
tonic and cyclic behaviour of Kasumigaura sand for
any relative density and initial confining stress. This
feature of the modelling is demonstrated in Figures 3
and 5 where model predictions, indicated with the
dashed lines, are comparatively shown with tests
results. It may be seen in Figure 5 that accurate
predictions of the cyclic strength were achieved for
various relative densities of Kasumigaura sand. The
void ratio was the only parameter that would be varied
in these three simulations.
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Table 1. Material parameters of Kasumigaura sand

Elastic A =250 n =0.80 v=0.17

(T ! p')msx GN,mnx GN.min
Stress-strain a, =0612 a,=83 ay = 81

by =0.030 by=146 by =23
Reference lines | UR-line Steady state line

e, =0.820 e, =0.845-0.033 log p'
Dilaancy |1 =017  M=062 S.=0005

Table 2. Moment-curvature paramelters of the piles
Cracking (C} Yielding (Y) Failure (F)

4.3 Moment-curvature relationship of the piles

Flexural properties of the PHC piles were modeled by
a nonlinear moment-curvature relationship. The
parameters of the equivalent trilinear M- ¢ relation are
given in Table 2 where the kink points are defined as:
C - concrete cracking at the extreme tension fiber; Y -
yielding of the tension bars, and F - concrete crushing
at the extreme compression fiber.

5 RESULTS AND DISCUSSION

5. 1 Ground response

In spite of the small base accelerations of less than
0.1 g, the sand layer liquefied throughout its entire
depth in Test 1. Measured and predicted excess pore
pressures at three depths of the sand layer are shown
in Figure 7a where it may be seen that the pore
pressure build-up was fairly uniform throughout the
deposit. Computed effective stress paths in the
analysis of Test 1 have indicated that after the initially
negligible pore pressures induced when the cyclic
stress ratios were less than 0.1, a sudden rise in the
pore pressures was caused once the stress ratios
reached values in the range between 0.15 and 0.20.
The number of cycles required to liquefy the sand
layer was found to agree fairly well with the
liquefaction resistance shown in Figure 5. It is
important to note that the relative density used in the
analysis was from 50 to 57 %, and was distributed
through the depth of the sand deposit as shown in
Figure 9c.

Moment (kN-m) 133 267 298 Approximately one hour after Test 1, the second
Curvature (/m) _ 0.0046 0.0283 0.0407 test was conducted. At that time, the excess pore
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Figure 7. Measured and computed excess pore pressures: (a) Test 1, (b) Test 2
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pressures which were induced in Test 1 were fully Accceleration (g)  Displacement (cm) D, (%)
dissipated. As shown in Figure 7b, the liquefaction of 901 02 pab2 40 S0 .50
the sand layer in Test 2 was faster and more sudden e i:':;':'“ @ ©
than that of Test 1. This response is in accordance 0 i 1 of
with the increased input accelerations applied in Tl
Test 2. Good agreement between the measured and ik 1 5l |
computed excess pore pressures may be seen in
Figure 7 for both tests. The small discrepancy in the B [
final values of the excess pore pressures is due to = 2[ 2r 1
differences in the locations of the actual transducers 12
and computational points. To further illustrate the 2 3} 3t 1
accuracy of the analysis, computed and recorded
acceleration time histories at the surface of the sand 4l 4l ]
layer in Test 1 are comparatively shown in Figure 8.

Comparisons between measured and computed
horizontal accelerations and displacements of the sand 5F 1 5F ----- Analysis 4 5f .

1 TR 1 I i 1 aiadaiail

layer are shown in Figure 9. For purpose of com-
parison, the spikes in the accelerations shown in this
figure were removed by low-pass filtering.
Apparently, the maximum accelerations are fairly
uniform through the depth of the layer in Test 1
whereas those of Test 2 attenuate towards the surface
of the deposit. The largest scatter was found in the
measurements of the ground displacement, and
hence, it was the most difficult parameter for
interpretation. The displacements of the experiment
shown in Figure 9b were obtained by a double
integration of the acceleration records and are those at
the time of the peak ground surface displacement. The
maximum displacements at the ground surface of
about 5 cm for Test 1 and 8 cm for Test 2 indicate an
average shear strain of about 1 % and 1.5 %
respectively. Again, a reasonably good agreement
between the measured and computed ground
responses may be seen in Figure 9.

5.2 Pile response

Once the testing was finished, the sand was removed
from the laminar box, and damage to the piles was
inspected. Figures 10b and 11b show the distribution
of the observed cracks for the pinned-head and fixed-
head piles respectively. Larger damage to the fixed-
head piles was found, with a pronounced influence of
the head fixity condition on both distribution and
extent of the damage. It may be seen in Figures 10a
and 11a that the maximum bending moments for both
piles were much smaller in Test 1, Essentially, these
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Figure 9. Measured and computed ground responses:
(a) maximum accelerations, (b) relative displace-
ments, (c) relative densities used in the analysis
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Figure 10. Pinned-head pile: (a) Computed and meas-
ured maximum bending moments,(b) observed cracks

bending moments were less than the cracking moment.
Thus, it appears that all of the damage to the piles was
inflicted during Test 2. Caution is needed here
however, since a final test was conducted after Test 2,
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Figure 12. Maximum lateral displacements of the
piles: (a) pinned-head pile, (b) fixed-head pile

in which the acceleration level was additionally
increased for about 30 %. It may be seen in Figure 11
that the bending moments of the fixed-head piles
reached the yielding level at the tip of the piles. It is
interesting to note that the damage of the piles as de-
scribed above is in accordance with a number of case
histories on pile foundations from the 1995 Kobe
earthquake where it has been found that the damage to
the piles was concentrated in two zones: (a) in the
zone of the interface between the liquefied layer and
underlying unliquefied layer, and (b) at the pile-top.
The maximum lateral displacements of the piles
shown in Figure 12 indicate that the peak displace-
ments of the pinned-head pile-top were either similar
or slightly smaller than the peak displacements of the
ground surface. Due to constrains at the top of the
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fixed-head piles however, the corresponding displace-
ments of these piles were smaller than the peak ground
surface displacements for approximately 2-3 cm,

It may be seen in Figures 10 to 12 that predictions
of the analyses are in good agreement with the
experimental results. In essence, the analysis captured
all important aspects of the response of the piles.

6 CONCLUSIONS

Results and analyses of liquefaction tests on a
prototype-scale soil-pile model are presented. The key
findings can be summarized as follows:

1. The large difference in the performance of piles
in Test 1 and Test 2 despite the equally induced
excess pore pressures and liquefaction in both tests,
clearly demonstrates the importance of the lateral
ground displacements for the pile response.

2. The pile head fixity condition was found to be
another key parameter influencing both the degree and
the distribution of the pile damage.

3. Predictions of the ground and pile responses by
an effective stress method of analysis were found to
be in good agreement with the measured values.
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A study on liquefaction strength characteristics of sand mixed with gravel
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ABSTRACT: Sandy gravel ground is considered stable for the construction of structures.

However,

liquefaction occurred in sandy gravel deposits during the 1993 Hokkaido-Nansei-Oki Earthquake and 1995

Hyogoken-Nambu Earthquake.
great earthquake, should be clarified.

The liquefaction characteristics of sandy gravel deposits, especially during a
In the present study, several series of cyclic undrained triaxial tests

were performed on two kinds of sand mixed with four kinds of gravel, in order to study the effects of several
parameters to express the state of packing in the specimen on the liquefaction strength of sand-gravel

composites.

It was found that liquefaction strength had a positive correlation with the parameters, with a

scattering, though some problems in the evaluation method remain.

1. INTRODUCTION

During the 1995 Hyogoken-Nambu Earthquake,
reclamed lands of sandy soil deposit containing
gravel along the coastal areas of Kobe City, which
consists of decomposed granite soil, liquefied on a
large scale and highway bridges, shore structures and
other structures were severely damaged (Ishihara et
al. 1996, Towhata et al. 1996). It was also reported
that a layer with a gravel content of about 80%
liquefied during the 1993 Hokkaido-Nansei-Oki
Earthquake (Kokusho et al. 1994). Liquefaction in
such sandy gravel deposits has been a significant
problem for the determination of renewal seismic
design methods since the 1995 Earthquake. Sandy
gravel ground has a high bearing capacity and is
considered stable for the construction of structures.
However, it was proved in the earthquake disasters
that liquefaction can occur in sandy gravel deposits
due to huge earthquake motion, even if the deposits
do not have a low permeability. Moreover, it seems
to be possible for liquefaction to occur in sandy
gravel deposits covered with a clayey soil layer with
a low permeability. Therefore, it is needed to
investigate liquefaction characteristics of sandy
gravel deposits,

Structures generally become instable when sandy
ground around them liquefies. Therefore, it is
necessary to accurately assess the liquefaction
strength of sandy soil to discuss stability. Several
parameters have been proposed to assess the
liquefaction strength of sandy gravel. However, it
is not clear what parameters are suitable for the

assessment of liquefaction strength.

In the present study, several series of liquefaction
tests were performed on Toyoura sand, and Chikugo
river sand, whose mean diameter is larger and grain
size distribution is better graded than Toyoura sand,
compounded with some kinds of gravel of different
grain size and grain shape. The method of
assessing the liquefaction strength of sand-gravel

composites was discussed using four density

parameters.

2. SAMPLE  MATERIALS AND  TEST
PROCEDURES

Figure 1 shows grain size distribution curves of soil
samples used in the tests, which were Toyoura sand
and Chikugo river sand mixed with four kinds of
gravel. The gravel content ratio, GC, was 0%, 10%,
30% and 50%. Round gravel (2:3) means a sample
combining a round gravel of 2mm to 4.76mm in
diameter with a round gravel of 4.76mm to 9.50mm
in diameter at a two-three ratio. Table 1 shows the
test condition in this study.

The specimens used for the undrained cyclic
triaxial tests were 15cm in diameter and 30cm in
height.  The density of the specimens was
maintained according to procedure described below.
The average relative density of the sand part, Dr_,..
as defined in Fig.2, was 39% to 53%, as shown in
Table 1. In the case of GC=0%, Toyoura sand with
a relative density, Dr, or Dr_,,,. of 70% and Chikugo
river sand with Dror Dr,.;, of 80% were also used
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for the test.

The specimens were prepared from samples of
unsaturated sand by a freezing method, which is
explained in detail in Nagase et al. (1995). The
preparation method involved pasting unsaturated
sand and flattening the surface of the specimen to
prevent membrane penetration. It also seemed to
prevent sample segregation.

After the specimen was placed in a cell and
defrosted, carbon dioxide (CO,) gas was percolated
through it to ensure the desired degree of saturation.
Deaired water was then circulated and a back
pressure of 196 kPa was applied to achieve a B-value
in excess of 0.95. The specimen was then
isotropically consolidated under a pressure of 49kPa.
Following consolidation, axial stress was cyclically
loaded at a frequency of 0.1 Hz while keeping the
cell pressure constant.

Several examinations were performed on
procedures in the liquefaction strength test on sand-
gravel composites. The maximum density of the
sample, excess pore water pressure generated at the
top and bottom of specimen and distribution of axial
strain induced by undrained cyclic triaxial test were
investigated in the examination. The following
behaviors were observed. The results are shown in
detail in Kuriya (1998).

(1) According to the results obtained by observing a
section of specimen afier the maximum density
test on Toyoura sand combined with a round
gravel, segregation took place slightly in the
vicinity of the top of the specimen, while
segregation in the whole specimen did not occur
remarkably.

(2) From the results on the process of excess pore
waler pressures observed at the top and bottom of
the specimen, there was no difference between
both pressure values. Therefore, that difference
did not seem to be the reason for constriction of
the specimen.
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—a—DA=3.4(%)
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—8-DA=5.6(%)
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Fig.3 Distributions of double amplitude axial strain



(3) The distribution of axial strain in the vertical
direction was measured to examine a reliable
sphere of the strain in the liquefaction strength
test. If the double amplitude axial strain, DA,
was smaller than 2%, the non-uniformity in the
deformation of the specimen was tiny, as shown
in Fig.3, and it was judged that the liquefaction
strength test is reliable within the strain.

3. ESTIMATION OF LIQUEFACTION

3.1 The estimation due to Dr

Figures 4(a) and 4(b) indicate the relationships
between the cyclic stress ratio, R=0 /20, , and
the number of cycles, Nc, to a double amplitude
axial strain, DA, of 2% using the data from tests on
the specimens of Toyoura sand and Chikugo river
sand mixed with gravel, respectively. The
liquefaction strength ratio, R,,, which is the cyclic
stress ratio at 20 cycles, read from Fig.4, was plotted
versus the relative density of the whole specimen, Dr,
in Fig.5. It may be seen from Fig.5 that the
liquefaction strength depends on the relative density,
Dr, even if grain size or grain shape of gravel mixed
with both sands was changed. The relationships
have a good positive correlation, especially for the
data on Toyoura sand. There seems to be a positive
correlation in the relationships on Chikugo river sand,
although there is much scatter in the data.
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3.2 The estimation due to Dr,,,.

Figure 6 indicates the liquefaction strength ratio,
Ry, versus the average relative density of the part
of sand, Dr,,... obtained from the data, shown in
Fig.4. For Toyoura sand mixed with gravel, it is
recognized that the liquefaction strength ratio, R,
decreases as the relative density, Dr,,,,, increases.
Therefore, the liquefaction strength does not depend
on Dr_.... There appears a positive correlation for
Toyoura sand mixed with round gravel of 9.50mm to
19.0mm in diameter, but the trend is different from
that on Toyoura sand combined with no gravel,
GC=0%, Thus, there seems to be a good
correlation between the liquefaction ratio, R, and
the relative density of Dr_,.. entirely, but the
tendency is denied in the detail of the data.

On the contrary, R, obviously decreases as
Dryuix increases for Chikugo river sand combined
with a round gravel of 4.76mm to 9.50mm in
diameter. R, does not depend on Dr,,., and
different tendencies are obscrved between the data
on Chikugo river sand with and without gravel.
Therefore, it can be considered that it is different to
estimate the liquefaction strength from the relative
density of Drp.,
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3.3 The estimation due to equivalent fraction density

The estimation of the liquefaction strength was
attempted using equivalent fraction density, 0
defined by the following formula.
_ 1 _ P
T GC 1-GC
s ql-&)
P ng

Py (1)

1+G

m

where, p, : density of sand-gravel composite
(Vm’)
P, density of sand part (t/m®)
GC: gravel content ratio
G, specific gravity of gravel particle

The liquefaction strength ratio, R,,, versus
equivalent fraction density, o0 , relationships are
shown in Fig.7. For Toyoura sand mixed with
gravel, the data are plotted nearly on a straight line
except for GC=0%. A straight line can also be
drawn on the basis of the data on Chikugo river sand
combined with gravel and no gravel. Thus, there
seems to be a good correlation between Ry, and o ;
it may indicate a limitation of po ; for the
estimation that R,, versus p , relationships on
Toyoura sand with GC=0% was quite different from
that on the other data.
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3.4 The estimation due o Dr 4, 414 marse

Fragaszy et al.(1990) pointed out a theory on
packing of sand and gravel particles, where the near-
field matrix composed of small particles around
oversize particles is generally looser than the far-
field matrix consisting of small particles far from
oversize particles. Figure 8 shows a schematic
illustration of the idea. It was supposed in this
study that oversize particles were gravel whose grain
size was larger than 2mm and small particles
forming the matrix was sand. And the authors tried
to estimate the liquefaction strength from the relative
density in the far-field matrix, Dr ¢ gug mesie-  1he
relative density, Dr o sug mune 15 €xpressed in the
following formula. It was also assumed in this
study that the average void ratio, e, 1s initially
substituted for void ratio, e.

€ =1
1+ Bk

B =1.333 (e-0.1)
D, C_S,

K o= —fmom
D,C,S,

p,,D,: mean diameter, Dy, of sand and
gravel

c,,c,: uniformity coefficient, U, of sand
and gravel

S .S, : grain shape coefficient of sand and
gravel

where
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Fig.8 Explanation of «
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DI osed max 18 calculated by assuming that the
volume of gravel is equal to V./ a, where V, denotes
the true volume of gravel anda is obtained from
Eq.(2). The void ratio, € g g meme Obtained from
the relative density, DI g gudmamxe WaS substituted
again for void ratio, e, in Eq.(2), until the calculated
value corresponded to the substituted value.

The value of S, was supposed to be 1 and the
value of S, was decided by averaging the ratio of the
shortest length of gravel particle, ¢, to the longest
length, a, whose values were measured from 50
extracted gravel particles. This assumption was
done for an estimation of grain shape of gravel, in
which the sand particles have a spherical shape and
gravel particles are always more angular than sand
particles. The value of S, was obtained as 0.603,
0.555 and 0.390 for round gravel of 4.76mm to
9.50mm in diameter and 9.50mm to 19.0mm in
diameter and an angular gravel of 4.76mm to
9.50mm in diameter, respectively. Figure 9 shows
the relationships between the liquefaction strength
ratio, Ry, and the relative density, Dr g gug masic
There is a unique relation between R,y and Dr g 444
marie TOr Toyoura sand mixed with gravel, while the
data on Toyoura sand combined with angular gravel
slightly separates from the other results. It is also
recognized in the results on Chikugo river sand
mixed with gravel that the Ry, versus Dr ¢ s maix
relationships have a positive correlation, although
there is some scatter in the data.

For the equation of «, proposed by Fragaszy et al.
(1990), the term D_/D, is proved geometrically and
the terms of C_/C, and S,/S, are expressed in the
same manner as that of D_/D, because the value of
« is affected by the form of grain size distribution
curve and grain shape. However, it was not
clarified in the paper why the equation of & is
required to have three such terms in that form.
When the grain size distribution curve of sand was
not changed, but that of gravel was changed, as in
the present study, it can be seen that the volume of
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the near-field matrix increases as the uniformity
coefficient, U, decreases and the surface area of
gravel increases. On the basis of this idea, the
relative density, Dr ¢, gg mamies i0CTEases if the average
void ratio of the sand part, e, is constant. In this

case, DT g gq maric 19 COnsiderably affected by the

composition of gravel particles.  Similarly, the
surface area of gravel increases and Dr ¢ god marix
increases, when the gravel particles become angular
and the value of S, decreases. Thus, uniformity
coefficient, U, and grain shape are closely related
with the surface area of the particles. In this study,
an equation form of 7 /o and 5,5 were
utilized to obtain the value of k, because the terms
C,/C, and S_/S, are closely related with the ratio of
the area of sand particle to that of grave particle and
these terms were changed into the ratio of length as
D./D, Figure 10 shows the relationships between
the liquefaction strength ratio, Ry, and the relative
density, Dr g gud meice Obtained on the basis of the
idea described above. It can be seen in Fig.10 that
Rpp versus Dr g gug manic Telationships have a good
correlation.  Thus, it can be considered that the
relationships shown in Fig.10 will have a high
correlation, if grain size distribution and grain shape
can be quantified as well as grain size and these
quantities can be reflected in the value of «. In
this view, it is quite significant to consider physical
meanings when the value is decided. Although the
method for deciding the value of @ using the terms
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Jc e and 575, may not be the best one, a
physical meaning is somewhat considered in the
value of «.

4, CONCLUSIONS

Several series of liquefaction tests on Toyoura sand
and Chikugo river sand mixed with gravel of
different grain size, grain shape and grain size
distribution were conducted using cyclic triaxial
apparatus, in order to estimate the liquefaction
strength using relative densities, Dr, D e DI fusiea
s and equivalent fraction density, p , The
following behaviors were observed.

(1) The liquefaction strength increased as the relative
density, Dr, calculated from the maximum and
minimum dry density of the sand-gravel
composites increased with a certain scattering,
especially in the data on Chikugo river sand with
a mean grain size larger than that of the Toyoura
sand.

(2} The liquefaction strength versus the average
relative” density of the sand part, Dr,,;,, did not
have a good correlation.

(3) Using the relative density in the part of sand far
from gravel particles, Dr gopae weme (he
liquefaction strength versus relative density

relationships had a good correlation with a little
scattering, if the effects of grain gradation and
grain shape on the value of a were also
properly considered in the calculation of Dr gy

matrix.

(4) The liquefaction strength versus equivalent
fraction density, p ., relationships also had a
relatively good correlation, except for the data on
Toyoura sand mixed with no gravel.

(5) Most of the sand-gravel composites used in this
study are gap graded. Therefore, it is necessary
to estimate the liquefaction strength of natural
sandy gravels, which generally are not gap graded,
using the relative density, Dr g s mase 0 Order to
confirm whether the density parameter is useful.
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Decrease of liquefaction susceptibility by preloading, measured

in simple-shear tests

C.A.Stamatopoulos, A.C.Stamatopoulos & P.C.Kotzias

Kotzias-Stamatopoulos Consulting Engineers, Athens, Greece

ABSTRACT : Cyclic simple-shear tests simulate the soil response under conditions of level ground and
herizontal earthquake loading. A series of such tests illustrated a marked increase of the cyclic strength of
silty sands with preloading. The increase of the cyclic shear strength with the overconsolidation ratio in
these tests was compared with the increase in tests given by other researchers, and was found to be similar,
Relationships giving the increase of the cyclic strength with the overconsolidation ratio are proposed. The
applicability of these relationships in the field to predict effects of preloading on level ground is discussed.

1 INTRODUCTION

Ground deformations caused by earthquakes are of
great concern for aseismic design of structures on
saturated soft soil [6] Soil improvement is an
effective way to mitigate the risk of excessive
seismic ground deformations [8].

Preloading is a temporary loading applied at a
construction site to improve subsurface soils by
increasing density and lateral stress. The method is
frequently used to improve poor soil conditions and
sustain large static loads [11]l Compared to other
methods of soil improvement, preloading is less
expensive and requires simpler equipment. It is
significant that, whereas other methods of soil
improvement apply to particular soil types,
preloading does not have any such restrictions [11].
Other advantages of preloading are that it is
possible to directly observe its progress in the field,
by measuring ground settlements, and Lo assess its
effects in the laboratory, as illustrated below.

Most applications and publications on preloading
consider the improvement of static properties of
soil without, however, examining the corresponding
improvement of dynamic properties. A soil
parameter illustrating the susceptibility of level
ground to large seismic deformations is the cyclic
soil strength. This paper investigates the effect of
preloading on the cyclic soil strength, using results
of cyclic laboratory tests.

2 CYCLIC SOIL STRENGTH AND OVER-
CONSOLIDATION RATIO ON LEVEL GROUND

21 Cyclic soil strength of level ground

In level ground, the vertical effective stress o,
equals the overburden effective pressure, and the
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ratio of the effective horizontal stress to the
effective vertical stress is given by the factor K,
Earthquake loading is primarily applied in the form
of horizontal shaking causing cyclic shear stress
T.. For these conditions, cyclic stress ratio SR is
defined as the ratio of the cyclic (half the peak-to-
peak change) shear stress 1, to the effective
vertical stress, o', It can be noted that a cyclic
stress ratio SR corresponds to a horizontal
acceleration (SR*g), where g is the acceleration of
gravity.

During dynamic shaking of saturated level
ground positive strains develops for positive 1, and
negative for negative 1. The amplitude of strain
increases with cycle number. Cyclic strength SR, is
defined as the value of the cyclic stress ratio SR
causing double-amplitude cyclic shear strain
exceeding the value of 5% in 10 uniform cycles of
dynamic loading. Similarly, cyclic strength SR, is
defined as the cyclic stress ratio SR causing double-
amplitude cyclic shear strain exceeding the value
of 5% in N uniform cycles.

Cyeclic soil strength is measured in the laboratory
by cyclic tests using various devices and procedures,
described below.

22 Laboratory tests where horizontal
displacement is not allowed

This condition exists in the simple-shear device,
where horizontal strain in the base of the apparatus
is zero. In this device, during consolidation, simi-
larly to level ground in the field, lateral movement
is not allowed, and the stress ratio initially equals
K, a property of the soil As a result of cyclic
loading with constant volume and without static
shear stress T, similarly to the seismic response of
level ground, static shear stress q decreases, pore
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pressure and cyclic strain builds up, and liquefac-
tion develops (fig. 1-b). Prior to liquefaction,
residual horizontal strain is about zero [9] In the
triaxial chamber it is also possible to perform tests
where no lateral movement is allowed during
consolidation, and at the end of each cycle of cyclic
loading, by adjusting the «cell pressure o',
accordingly. In these tests, the response is similar to
the response of the cyclic simple-shear tests.
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23 Laboratory tests where the cell pressure is kept
constant

During cyclic undrained triaxial tests, usually the
cell pressure remains constant and cyclic loading is
applied as o, . Under these conditions, for soil
samples that are not very loose, pore pressure
cannot exceed the value determined by the
horizontal distance between the initial state and the
failure line in fig. 1 In anisotropically-consolidated
tests, as a result of cyclic loading, permanent shear
strain accumulates, but cyclic shear strain may not
change considerably with cycle number, and
liquefaction may not develop (fig. I-a) [13]. In
undrained isotropically-consolidated cyclic tests,
similarly to the response of cyclic simple-shear
tests described above, as the number of cycles
increases, pore pressure builds up, cyclic shear
strain increases and liquefaction develops (fig. 1-c).
In addition, permanent shear strain is about zero
prior to liquefaction [13]

24  Discussion

From the above it is concluded that the cyclic soil
strength can be measured in tests with cyclic
loading (a) in  anisotropically  consolidated
conditions where the horizontal strain in the base
of the apparatus is zero, (b) in conditions of
isotropic consolidation. The tests of type (a) are
usually performed in the simple-shear device, while
the tests of type (b) in the triaxial cell Unlike the
tests of type (b), the tests of type (a) with initial
prestress under different vertical stresses simulate
the increase of density and horizontal stress (and
K,) that is caused by preloading in horizontal
ground in the field. The cyclic loading that follows
simulates the seismic response of a soil element of
a level ground under a horizontal earthquake.
Analysis of such tests gives the effect of preloading
in cyclic soil strength of level ground.

The Overconsolidation Ratio OCR is
defined as {o', ,./¢".}, where ¢’ __, is the maximum
past effective vertical stress that has been applied,
and o', is the current overburden effective vertical
stress. In standard practice in soil mechanics, the
Overconsolidation Ratio (OCR) is used to describe
the effect of preloading in soils.

Seed et. al [10] give the typical shape of
liquefaction curves measured in cyclic laboratory
tests; ie, the normalised cyclic stress ratio SR
causing liquefaction in N cycles of uniform cyclic
loading, SR,, as a function of the cycle number
(fig. 2). Thus, between different liquefaction curves,
the proportional change of the cyclic shear
strength SR, between curves is more-or-less unique
and does not depend on the cycle number for
which the cyclic strength is taken.

For these reasons, the change of SR,, in cyclic
simple-shear tests and the OCR will be used below
as indexes in studying the effect of preloading on
the cyclic soil strength of level ground.
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3 PROGRAM OF CYCLIC SIMPLE-SHEAR
TESTS

The material used in the laboratory tests of the
present study was a mixture of silty sand samples,
obtained from borings near Langadas in Northern
Greece. The content of fines in the mixture was
30% (fig 3), and the plasticity of the material was
practically zero. The specimens were prepared at a
dry density equal to 164 T/m’. Oedometer tests
showed that the apparent overcconsolidation
pressure of the specimens was about 15 Kg/em®
The specimens were saturated and consolidated in
the simple-shear device at a vertical stress o', of
30, 45 60, 90 or 12 Kg/em® Prior to the
application of cyclic loading, the vertical stress was
decreased in all specimens to 3.0 Kg/cm® The
corresponding OCR values are 1, 15, 2 3 and 4,
respectively. For each of these five cases, at least
three cyclic constant-volume tests were performed
with different values of cyclic shear stress.

Fig. 4 gives the shear stress and shear strain
versus time of a typical test. Fig. 5 gives the
measured effect of preloading on the number of
cycles causing liquefaction (double-amplitude
cyclic shear strain exceeding the value of 5 %) for
various cyclic stresses and OCR values.

4 CYCLIC STRENGTH VERSUS
OVERCONSOLIDATION RATIO IN TESTS
SIMULATING THE SEISMIC RESPONSE OF
LEVEL GROUND

4.1 Correlations

Table 1 summarises test programs found in the
literature that study the effect of preloading on the
cyclic soil strength of soils in conditions simulating
the seismic response of level ground. In addition to
programs using the simple-shear device, a program
using the torsional-shear device is given, in which,
similarly to the simple-shear tests, horizontal strain
was kept zero during consolidation, preloading, and
the subsequent cyclic loading.

Fig. 6a plots the effect of OCR on the cyclic
strength SR, of the studies of table 1, as a function
of soil type (according to the categories sands,
clays). The following may be observed:
Overconsolidation has a definite effect in
increasing the cyclic strength of the specimens.
This effect is similar for all test programs, and
becomes more pronounced for clays. The
proportional increase of the cyclic strength with
OCR on a logarithmic scale is not linear, and its
rate decreases with OCR.

An empirical correlation giving the increase in
cyclic strength with OCR, for OCR<10, is

(1a)
(1b)

{ SRyg0/SRyp.pe 1= OCR"
where A =a (1-b x log({OCR) )



Table I  Studies and results of the effecr of preloading on the cyclic soil strength in cyclic tests
without Aorizontal strain,
I N1 SR |SR ¢ocr) /SR (ocr=I)
No | REFERENCE TYPE OF | % FINES (ocr=1l)
TEST | OCR=
' 15[ 20] 30] 407 80] 10
in sands, silty sands
i Seed and simple-shear | 0 0y 007 21134
Peekock (1971) 200 005 27| 45
2 Lshihara and torsional [ 200 017 L7
Takatsu (1979) shear
3 Finn (1981 | simple-shear 0 0| 010 6 24
200 008 17 24
4 present study | simple-shear 30 0 013 |13\ 15| 19]22
(f1g. 5) 200 012 13| 151 19|22
e
k] Andersen et al direct oo o) 017 27 44
(1950) B sf{npf&shear 200 0i7 27 A
6 Malek (1987) | direct 100 20| 016 I8 27
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where the subscripts “oc” and “nc” denote
overconsolidated and normally consolidated states
and the parameters a and b depend on the soil type.
Fig 6b gives the factor A, for the results of fig. 6a.
Linear regression gives that for sands a=0.7 and
b=0.14, while for clays a=09 and b=03 The
coefficient of correlation R for sands equals 04,
while for clays 0.9.

4.2 Verification from results of isotropically-
consolidated tests

The considerable increase of the cyclic strength
with the overconsolidation ratic has also been
measured in cyclic undrained tests with isotropic
consolidation [4, 12] Similarly to tests in the
simple-shear device, (a) similarities are observed
between the tests in the increase of cyclic soil
strength with the overconsolidation ratio for
similar soils, and (b) the effect is larger in clays
than in sands [12]. However, the relative increase of
the cyclic soil strength in terms of OCR was
smaller than that in the simple-shear device (fig. 6),
presumably because of the increase of the
horizontal stress with preloading, prior to the
application of the cyclic stress in the simple-shear
tests (unlike the isotropically-consolidated tests).

As was discussed previously, consclidation of a
horizontal soil layer, differs from that of
laboratory tests with isotropic consolidation. In the
field the horizontal stress o', is not equal to the
vertical stress o’,, but is given by K ¢’ where the
lateral stress ratio K, depends (increases) with the
Overconsolidation ~ Ratio.  These  conditions
correspond to the conditions of the simple-shear
tests. Thus, to predict the increase of cyclic soil
strength of level ground with the OCR, with results
of isotropically-consolidated cyclic tests,
assumptions are needed for (a) the increase of the
horizontal stress with preloading and (b) the
increase of cyclic soil strength with the horizontal
stress. It is concluded that for the prediction of the
increase of cyclic soil strength of level saturated
ground with preloading, tests with isotropic
consolidation can not be quantitatively as accurate
as relationships obtained from cyclic simple-shear
tests, and thus are not examined in detail

4.3 Form of equation (1)

Some proposed relationship that has been proposed
correlating the cyclic soil strength with the OCR in
simple-shear conditions was not found in the
literature. Ishihara and Takatsu [6] propose for the
increase of cyclic strength with OCR in conditions
of isotropic consolidation for sands the relationship
{SR,./SR,.} = OCR" @
As anticipated (from the previous discussion) the
parameter 0.5 is smaller than the measured increase
of cyclic soil strength in the simple-shear device of
fig. 6.
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The relationship (2) indicates that the factor A
of equation (1b) does not depend on the
overconsolidation  ratio.  However, in  the
relationship of the cyclic soil strength with the
OCR in conditions of simple-shear, the effect of
the factor A with the OCR is considerable,
especially for clays (fig. 6), and thus the form of
equation (Ib) is necessary.

5 DISCUSSION
51 Applicability in the free-field

The increase in cyclic strength by preloading of
soft and/or loose horizontal deposits could be
obtained by estimating the increase of OCR with
depth by a preloading surcharge, OCR,;,,, by elastic
analyses, and the increase of the cyclic strength
with OCR, by equation (1). However, caution should
be used when using equation (1) to estimate the
increase of the cyclic shear strength in the field
with OCR,;,... Unlike laboratory tests used to derive
relationship (1), in the field, as a result of ageing
and secondary consolidation, the in situ
Overconsolidation Ratio may be greater than unity,
even for soft deposits.

A possible way to consider this effect is to
predict the increase of the cyclic shear strength in
the field by :

4 SRy SRuvser. f = § SRyvasier/SRicne f 1 SR oo/ SRy ¥

3
where both terms of equation (3) can be evaluated
by equation (1). The wvalue of the baseline

overconsolidation ratio OCR,,; , required to obtain
the factor {SRK_“J’SRN_M_F, could be measured by
laboratory oedometer tests on undisturbed samples
from borings, or from field measurements.

It should be noted that the cyclic soil strength in
equation (3) is defined in terms of the N
“significant” cycles of earthquake loading, unlike
the cycle 10 in equation (2), but this is permissible
because of the (approximately) unique relationship
of fig 2, that was described in section 2.4.

5.2 Factor of safety against large ground
deformations

The factor of safety of level ground against large
seismic movements, for a given depth z, FS(z), can
be assessed by a simple comparison of the
seismically induced shear stress with the similarly
expressed cyclic shear strength required to cause
initial liquefaction, or, equivalently, using:
FS(z) = SRy(z) g/ a(z)
where the cyclic strength SRy, is defined in chapter
2, g is the acceleration due to gravity and a(z) is the
“average” horizontal applied acceleration in terms
of depth for the N “significant” cycles of the
earthquake (6]

Preloading increases the above factor of safety
by increasing, for any given depth, the cyclic soil



strength SR, as discussed in section 51 However,
preloading may cause stiffening of the soil and
hence amplification of seismic acceleration a(z).
This effect may be studied by performing dynamic
I-dimensional analyses, using different values of
dynamic soil parameters (e.g. the shear modulus Go)
before and after preloading.

6 CONCLUSIONS

Cyclic simple-shear tests with different prestress
levels and no initial shear stress © model the
increase in density and horizontal stress by
preloading on level ground, and the pore-pressure
and shear deformation build-up by a subsequent
horizontal shaking. Such tests illustrated that
preloading has a definite effect in increasing the
cyclic strength of soft/loose soil. Comparison of the
results of these tests with various other data found
in the literature illustrated that the proportional
effect of overconsolidation on cyclic soil strength
is similar for all test results, and becomes more
pronounced for clays. An empirical correlation
giving the increase in cyclic strength with OCR is
proposed (equations (1))

Eguations (1) should be used with caution when
investigating the effect of preloading in reducing
the potential of large seismic ground deformations
in the field because (a) in the field, unlike in the
soil specimens, as a vresult of aging the
Overconsolidation Ratio prior to the application of
the surcharge may be greater than unity, even for
soft deposits and (b) seismic acceleration may be
higher after preloading, due to stiffening of the
soil.
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Microzonation for liquefaction in northern coast of Anazali lagoon, Iran

S.M. Mir Mohammad Hosseini
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ABSTRACT: One of the most common causes of ground failure during heavy earthquakes is the liquelaction
Phenomenon which has produced severe damages so far all over the world. Zonation of active seismic region against
liguefaction is usually one of the common methods to mitigate the seismic hazards. In this paper according to the
availabe geological and geotechnical data in the northern coast of Anzali lagoon in an area which serves the main
road in the coastal band of the Caspian sea and connects the most eastern province to the most western one of Iran,
a microzonation against liquefaction was carried out. Using different analyses methods, the liquefaction potential of
the arca was investigated. Finally the microzonation maps ol the arca based on grade 2 methods were produced.

1 INTRODUCTION

There have been significant development in
understanding the nature and consequences of the
liquefaction Phenomenon since it was recongnized as a
main cause of many damages during heavy earthquakes
in the mid 1960s . Because in some cases the ground
loses its strength completely, servere damages may
impose {0 buildings , lifelines , ports , bridges , roads and
other urban facilitics in this conditions.

In order Lo mitigate the seismic hazards , one of
the effective way is to determine the land use based on
the zonation maps provided with respect to the
probability of occurrence of the phenomenon and the
level of damages induced in these circumstances.

In this study a great attempt has been made to
determine the most suilable method for evalvating
liquefaction potential of suceptible zones in the
northern coast of Anzali Lagoon (in the north of Iran) ,
according to geological and geotechnical characteristics
as well as the seismicity of the region, and to provide
zonation maps with some degrees of accuracy.

2 DIFFERENT METHODS FOR EVALUATION
LIQUEFACTION POTENTIAL

Several analyses methods for evaluating liquefaction
potential of saturaled and loose sands have been
developed during recent years. In these methods
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usually cyclic shear stresses induced during an
earthquake are estimated and compared with cyclic
shear strengths of the soil layers.

The main laboratory tests to obtain the cyclic
strength of the soils are cyclic triaxial and cyclic simple
shear tests, which need the undisturbed samples to be
tested under field conditions . Due to some difficulties
in taking undisturbed samples particularly for loose
granular soils which is the case in liquefaction
phenomenon, the insitu tests have been more
commonly used for obtaining the cyclic strength of the
soil layers. Among them the SPT(Standard Penctra-
tion Test) , CPT (Cone Penetration Test) and
the shear wave velocity measurements are the
most popular ones which have been extensively used
all over the world.

The evaluation ol liquefaction potential is initially
carried out at a single borehole in different depths.
Then its consequeces on the ground surface are
investigated. In the next step an overall assessment are
made for a series of borcholes within a selecied zone.

Since there have been many field data available from
the SPT suidies in the region under consideration , in
this section the main and important methods for
analyzing liquelaction potential based on the resulls of
SPT have been reviewed and described. Because of
ditferent specifications and pracedures of the SPT, it is
of great importance to uniform all test results obtained
from site investigation carried out in different
conditions . In this respect appropriate correction
factors are applied to the test results.



There are many methods by which the liquefaction
potential can be estimated , among them the following
oncs which have been used in this study are mentioncd.

2.1. Seed et al. method (1971)

Based on the SPT obtained at each depth , N, the
corrected number can be obtained using equation (1):

ERy,
0 M

Where , N 15 the SPT number, ER,, is the encrgy
efficiency used to penetrate the SPT rod into the
ground , and Cy is the overburden correction factor
which can be obtained either from the graph or
equations shown below:

{(Ni)so = Cn (N)

1
= 2
CN '\ﬁ ( )
Cn=0.77 log 2L 3)
7o

The cyclic shear strength ratio :R = /e’y canbe
obtained from the empirical graphs developed by Seed
et al. (1985) using the corrected SPT number, Ny, which
has to be compared with the shear stress ratio causing
liguetaction, L,:

& max
g
Where rg= 1-0.015Z . The safety factor against
liquefaction may be calculated from the following
equation:

L= rg -2 (4)

R
L =
0.65L

®)

The values of ER,, for different testing systems and
procedures may change between 45 (0 78 (%)

2.2 Ishihara method (1990)

The cyclic shear strength of the soil layers may be
obtained {rom the following equation:
R= 00676 V' N; + 0.0035 F, (6)

Where Fc, is the fine content of the soil and N1 is
the corrected SPT number:

Ny = (1.67/’ )N.
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2.3 Iwasaki et al. method (1978)

The cyclic shear strength of the soil can be estimated
based on the following equations which have been
outlined in the Japancse Bridge code (Japan Road
Association , 1991):

R=R; + R; + R3
Where:

Ry= 0.0882 VN (g + 0.7)

™

in which N'= 0.838 N
®

0.19 For 0.02 mm =Ds;=0.05 mm

0.225 1g(%3§) For 0.05 mm=Dso<0.6 mm  (9)
50

005

Rg=

R3= {

2.4 Chinese Criterion

For 0.6 mm=Dsp=2mm

0.0 For %0 = F, = %40

10
0.004 F- 0.16For %40 <F.=%100 (10

In this method a critical SPT number has been defined,
below which the sand layers may liquefy . The critical
SPT number which can be considered as a criterion for
liquefaction occurrence may be estimated from the
following equation:

Nor=N[1+4 0.125(d; - 3) - 0.05 (dy - 2) - 0.07 Fe] (11)

Where dw, is the depth of the water table , ds is the
depth of the sand layer , N is a function of earthquake
shaking intensity and Fc is the percent of clay content.

3 EVALUATION OF LIQUEFACTION EFFECTS
ON THE GROUND SURFACE

Since the liquefaction of subsurface layers may not
cause, considerable damages to buildings and
superstructures, as [ar as the ground surface is nol
inlluenced remarkably, the liquefaction by itsell is not
of great importance. In the liquefaction potential
evaluation method suggested by Twasaki (1982), a
parameter called liquefacrtion potential indes, PL, has
been defined as below:

PL= ["Fz) W (2)dz  (12)

Where z is the depth of the layer, F(z) is function of the
liquefaction safety factor which can be substituted by
the following equation:

F(z) =1-FL  ForFL = 1 (13)
F(z) = 0 For FL = 1 (14)
and W(z) = 10-0.5 z (15)

The PL has been categorized in 3 classes as below:



0<PL=5 belong to areas with low risk
5=PL=15 belong to areas with high risk
PL>15 belong to area with very high risk

4 THE GENERAL CHARACTERISTICS OF TIIE
REGION

The coastal flat of Gilan province has faced with so
many times of rising and falling the Caspian sea water
level at different points during its geological history. A
general glance to the sides of existing rivers and lagoons
in the region through out the coastal bands of the
Caspian sea, from south of the Chamkhaleh to the end
of the Anzali lagoon, leads to the fact that after each
rising the sea water a new sedimental layer has fromed
and covered the affected areas. The materials covered
northern part of the Anzali lagoon specially from
Taleb-Abad to Koolivar are mosily consisted of sand
layers between which some roots and debirs of old trees
can be observed . Increasing the seidmentation on the
Anzali lagoon due to spreading the sea water, has
caused many plants and vegetables to be buried and
gradually desolved and produced an interlayer texture
of such loose and weak lenses in the area.

According to geotechnical and geological data
obtained from about 20 boreholes in the area under
consideration , the soil depostis up to 10 meters depths
have mainly consisted of fine sands namely SP, SM and
SP-SM in the Unified soil classification system. These
scdimentations in different depths have some shell
segments inside, and in some cases thin lenses of clay
{CL) orsilt (ML) by thickness of less than 1 meter are
evident.

On the whole the more getting far from Lijarki (in
the east) toward the Kooliver ( in the west), the more
decreasing in the percent of the fine materials happens
in the surficial layers. The soil layer up to 15 metters
depth consisted of sand with thin lenses of clay
materials. The general plan of the region with the
selected area for liquetaction studies is shown in ligure
1.

5- THE SEISMICITY OF THE REGION:

The area under study is located in the Gilan province.
This province is one of the northern province of Iran
which have surrounded by the Caspian sea in the north
and the highly folded areas of Alborz Chains of
mountains in the south. Although there are not so many
evidences and recorded documents available
concerning past erthquakes in the region, the heavy
Manjil earthquake occured in 1990 by an epicentral
distance of about 75 km. from the area under
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consideration caused strong ground motion in the
Anzali area and severe damages to city of Rasht (the
capital of the province). During this earthquake many
areas in the province suffered from flow liquefac—
tion. Some other important  earthquakes have
happened in the far past which have been caused by
the activities of many  faults existing in the Alborz
folded areas.

Since the record of such seismic activities and
historical earthquakes in the region have not collected
properly and instalation of seismic instruments has
mainly carried out after Manjil earthquake, the records
of the instrumented earthquakes in the region is little
and young.Therefore a comprehensive study about
seismicity of the region and risk analysis in the area
have not performed so far. For this reason in the
present study a relatively wide range of peak ground
accelerations have been chosen to cover the different
probability of seismic risks in the area. The peak ground
acceleration used in this study were 0.2 g, 0. 3 g, 04g
and 0.5 g for most heavy earthquakes in the arca.

6 THE GEOTECHNICAL DATA AND ANALY SIS
RESULTS

The geotechnical information used in this study were all
collected from different organizations through out the
area. The whole data belong to 20 boreholes and 6 test
pits carried out for different engineering purposes in
ditferent points of the area.

The types of available information for each borehole
are the SPT numbers at mainly 1.5 meters and in some
cases 3 meters maximum distances for which the
specilications of the equipment are fully described .
Also the measurement of the underground water table
far all points have been carried out . According to these
data the water table in the area is very high and varies
only between .5 and 1.5 meters. The density of the soil
in different layers, mean particle size, Ds, , percentage
of the line maltcrials, plastic index,PI, and the soil
classification in the unified system have becn estimated
and determined.

The distribution of the geotechnical data obtained
from above sources in the area is relatively uniform and
covers neatly all point with different characteristics, so
they allow to provide a microzonation map in grade 2 by
an acceptable accuracy. The zonations carried out in
this study are based on the liquefaction potential
analyses methods mentioned in section 2. A special
computer program was developed to do all analyses and
calculation for different depths at different points by
various methods. The effects of the liquefied layers on
the ground surface have been determined by
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cajculations of the liquefaction potential index (PL).
The microzonation maps of the northern coast of the
anzali Lagoon for selected peak ground accclerations
are presented in figures 2 o 5.

7 SUMMARY AND CONCLUSIONS

The liquefaction potential o an important zone located
in the northern coast of Anzali lagoon was investigated.
This zone which is positioned in the Gilan province
(one of the most northern province of Iran) serves the
main connection road between the most eastern and
the most western cities in the coastal band ol the
Caspian sca.

Geotechnical and geological data from 20 boreholes
and 6 test pits were collected through out the area and
used in this study . Four different peak ground
accelerations from 0.2 to 0.5 g were selected and used.
Different analyses methods were attempted and the
microzonation  maps for each level of ground
acceleration were provided based on the most critical
results.

Among different methods used in this study the
Secd et.all method is very sensitive to SPT numbers and
the Ishihara method is the most conservative one. The
proximity between different methods decreases as the
fine content of the sand layers increases. The areas near
the Anzali port and in the northern west of the Anzali
lagoon are among those with high risk of liquefaction
oceurence even for the least peak ground acceleration
0.2g, selected in this study.
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ABSTRACT: A seismic retrofit evaluation was conducted for the existing Interstate 57 Bridge over Illinois
State Route 3. The bridge is located within the New Madrid Seismic Zone. It is about 919 m long, has 30
spans and was designed in the 1970s with minimal seismic considerations,. The bridge has concrete filled
pipe-pile foundations bearing in medium to very dense granular soils. The estimated bedrock acceleration at

the site is 0.22g (AASHTO).

For the given site conditions, liquefaction is probable and could reduce

foundation capacity in the southern half of the structure. Initially, underpinning with pin-piles and soil
improvement were the recommended mitigation design options at the south abutment. A re-analyses using
estimated residual strengths in liquefied soils for stability analyses indicated soil improvement would be
unnecessary at the south abutment. The cost of foundation retrofit using pin piles was estimated to be about

$225 - $365 per linear meter.

INTRODUCTION

The Illinois Department of Transportation (IDOT)
completed the original geotechnical study and
constructed the Interstate 57 (I-57) bridge over
Illinois State Route 3 (Rt. 3) during the 1970s. A
preliminary seismic evaluation of the bridge was
conducted in 1992 (Woodward-Clyde 1992} using
the geotechnical data and construction records from
the original design. Based on the findings of the
preliminary study, IDOT planned to perform a
detailed seismic retrofit study of the bridge. This
paper presents some aspects of the detailed seismic
retrofit study, the retrofit options considered, and the
foundation retrofit recommendations.

SITE LOCATION AND BRIDGE DESCRIPTION

The I-57/Rt. 3 bridge is located in the Mississippi
River floodplain about 5 km north/northwest of
Cairo, Illinois and about 1.5 km north of the
Mississippi River, near the northern tip of the New
Madrid Seismic Zone (Figure 1). The design
bedrock acceleration for this site is approximately
0.22¢ based on AASHTO guidelines for a return
period of 500 years.

The bridge is about 919 m long. It includes a
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northbound and southbound structure, and carries I-
57 over Rt. 3, the Gulf-Mobile and Ohio Railroad,
the Missouri-Pacific Railroad, and the United States
Army Corps of Engineers’ levee. The bridge has 30
spans, varying in length from 25 to 46 m, with a



typical length of about 30.5 m. The deck of each
structure is 13 m wide, The bridge piers are
supported on concrete . filled pipe-piles bearing in
medium to very dense granular soils between 10 to
20 m below grade. The approach embankments are
about 5 m high at the north abutment and about 8 m
high at the south abutment. The abutments are also
supported on piles bearing approximately 10 to 20 m
below original grade. The bridge is in AASHTO
Seismic Performance Category C.

FIELD INVESTIGATION AND LABORATORY
TESTING

A geotechnical field investigation program was
performed to evaluate subsurface soil conditions and
estimate soil properties. It consisted of 12 test
borings, including two that were used for downhole
geophysical shear wave velocity measurements, 24
piezocone penetration soundings, and standard
penetration test (SPT) hammer energy efficiency
measurements on two [DOT drill rigs.

The test borings were advanced using hollow-stem
augers above the water table and rotary wash
methods below the water table. Soil samples were
obtained using a split spoon sampler according to
ASTM D-1586 and thin-walled (Shelby) sample
tubes according to ASTM D-1587.

Cone penetration test (CPT) soundings were made
in accordance with procedures in ASTM D-3441
using an electronic piezocone with the pore pressure
sensor located directly behind the tip.

Downhole shear wave velocity measurements were
made in two of the 12 borings to provide estimates of
shear modulus for use in the site response analysis.
Measurements were made to depths of 43.5 and 47.9
m. The seismic data were collected using a
conventional downhole technique (Crice 1980).

Standard penetration test enmergy measurements
were performed to estimate the SPT hammer-transfer
energy for both the CME 75 and the CME 55 drill
rigs used at the site. The results were used to correct
the field SPT N-values to the standardized SPT
(N, )0 values for use in liquefaction assessment. The
results indicated a hammer energy efficiency of
about 75 percent for the automatic trip hammers used
for both rigs.

Laboratory tests were performed by IDOT on
selected soil samples. The tests included visual
classification, water content, dry unit weight, liquid
and plastic limits, unconfined compressive strength
tests, and unconsolidated-undrained triaxial tests.

SITE AND SUBSURFACE CONDITIONS

Subsurface conditions along the bridge alignment
varied significantly between the north half and south
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half of the bridge. A U.S. Army COE levee crosses
the bridge alignment and divides it into two parts; the
north stretch from the north abutment to the levee
and the south stretch from the levee to the south
abutment. A relict stream channel was identified
within the southern half of the alignment. A
generalized soil profile along the bridge alignment is
shown in Figure 2.

In general, three primary strata are present at this
site: Cahokia Alluvium, Henry Formation, and
Mississippi Embayment deposits which extend to
bedrock. Bedrock is estimated to be about 150 to
185m below grade (Figure 2).

The Cahokia Alluvium extends from ground surface
to depths of approximately 10 m below grade in
some locations. The alluvium consists primarily of
soft to firm, high plasticity clays with occasional
zones of low plasticity clay and silt and loose silty
fine sands. The undrained shear strength of the
Cahokia clays was estimated to be about 24 kPa.
The standard penetration test (N,)s-values were
quite variable, ranging from about 2 to 10 blows per
30 cm. The average measured shear wave velocity
was about 140 m/sec.

The Henry Formation underlies the Cahokia
Alluvium and extends to approximately 12 to 17 m
below grade. It generally consists of medium dense
to very dense clean sand (SP, SW). The soils were
generally dense to very dense with (N,)g values
greater than 30 in the northern half and medium
dense to dense the southern half of the alignment.
The average measured shear wave is about 250
m/sec.

The Mississippi Embayment deposits underlie the
Henry Formation and extend to bedrock. These
deposits typically consist of very dense sand and
gravel, and hard, gravely clay. Generally, (Ny)g
values were 50 or more in these deposits and the
average measured shear wave velocity was about 375
m/sec to a depth of about 45 m.

The embankments at each abutment, the railroad
embankments and the levee were reported to have
been constructed of a stiff, gray, low plasticity clay.
The undrained shear strength of the abutment fills,
based on cone penetration tests and laboratory tests,
averaged about 72 kPa.

Groundwater was generally encountered between 3
and 5 m below grade.

GEOTECHNICAL SEISMIC EVALUATION

The geotechnical evaluation focused on the
following: 1) dynamic site response, 2) liquefaction
evaluation, 3) slope stability and lateral
displacements, and 4) seismic damage mitigation
options.
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Site Response

Site specific dynamic response analyses were
performed using SHAKE 91 (Idriss and Sun, 1992)
to develop site response spectra at the north
abutment, the relict stream channel, and the south
abutment. Acceleration-time histories scaled to the
zero-period bedrock acceleration (0.22g) at the site
were used as input motion. The input motions were
modified from the horizontal components of two
earthquakes: the (1985) Nahanni earthquake at
Station No. 3, and the (1988) Saguenay earthquake at
Station No. 16, resulting in four input motions.
These motions were modified and scaled to match
the recommended rock spectrum shown in Figure 3.
These earthquake records are two of the few
available moderate magnitude records from eastern
North America, and were judged to be appropriate
for this project site.

Response analyses were carried out at each location
using three different shear wave velocities: the
average of the measured shear velocity for the site
and 10 percent of the average measured shear wave
velocity to obtain a range of likely response.

Site specific response spectra developed for the
north abutment and the former stream channel are
shown in Figure 3. The recommended spectra are
more conservative than the calculated spectra to
account for uncertainties in the analysis, especially at
periods above one second where the calculated
motions are judged to be less accurate. The
additional conservatism at long periods was judged
to be prudent since base isolation may be used to
increase the period of the bridge. A response

spectrum was not developed for the south abutment
since liquefaction was predicted to occur in that
reach.

Results of the response analyses at the stream
channel indicated a ground surface acceleration of
0.35g. The bedrock acceleration for this site is
0.22g, thus, the resulting surface motion was about
1.5 times the bedrock motion. No significant
amplification was indicated at the north abutment.

Liguefaction Evaluation

Liquefaction resistance was evaluated using both the
SPT and CPT approach using the “simplified”
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procedure developed by Seed and Idriss (1971), and
updated by Seed and Harder (1990). A magnitude
6.5 earthquake and ground surface acceleration of
0.35g were used. For the SPT
approach the Seed et al.(1985) relationships and a
hammer efficiency of 75 percent were used. For the
CPT approach, liquefaction resistance was estimated
from relationships developed by Stark and Olson
(1995), Mitchell and Tseng (1990, Shibata and
Teparaksa (1988), Seed and De Alba (1980), and
Robertson and Campanella (1985). The following
observations were made:

The liquefaction analyses indicated that the potential
for liquefaction is low in the northern half of the
bridge and the risk of damage was judged to be
negligible. Consequently for calculation purposes,
the bearing capacity of the piles was not reduced in
that section. Liquefaction was predicted to occur in
the southemn half of the bridge alignment. Generally,
the lowest values of factor of safety against
liquefaction were obtained in the upper 10 m in the
siits and medium dense sands of the subsurface
profile (Figure 2). The average factor of safety
against liquefaction obtained in the cohesionless
soils near the south abutment was about 0.75.

It was anticipated that the pile capacity in the
southern reach of the bridge would be significantly
reduced by down-drag from the upper clayey soils
and liquefaction in the bearing zone. Consequently,
bearing capacity failure and/or significant settlement
of the bridge piers was judged to be probable in this
area unless mitigation was undertaken. The
recommended mitigation options are discussed
subsequently.

Slope Stability Analysis

Pseudo-static slope stability analyses were performed
and lateral displacements were estimated for the
north abutment, south abutment and the levee.
Displacements were estimated using the Makdisi-
Seed (1978) approach in areas where liquefaction
was not predicted to oceur.  Where liquefaction was
predicted to occur in the vicinity of south
embankment, residual strengths were used with
gravity forces in the slope stability analyses. Inertia
forces were excluded in the residual strength stability
analysis. Results of the slope stability analyses and
the estimated lateral displacements are summarized
in Table 1. Lateral displacements for liquefied
conditions were estimated from the strain required to
mobilize the residual strength (Seed et al. 1985).

Discussion of Results

Based on the results in Table 1, the lateral
displacements estimated at the north abutment and
the levee under seismic conditions were judged to be
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acceptable and tolerable. Therefore, mitigation was
not required. For the south abutment, liquefaction
was anticipated and a detailed analysis considering
the residual strength in the liquefied soil was
fecessary.

Initial calculations using the lower bound residual

strength curve in Figure 4 (Seed and Harder 1990)
resulted in factor of safety of 1.1. Another analysis
using residual strength estimated from Stark and
Mesri (1992) provided a factor of safety 1.2 against
slope failure. These factors of safety suggest that
flow failure is unlikely, however, lateral
displacements are probable. Once liquefaction has
occurred, the resulting lateral displacement are
difficult to guantify without performing non-linear
analyses such as FLAC (1995) which was beyond the
scope of work. While the factors of safety obtained
could result in tolerable displacements in
embankment dams, it was judged that the
displacements would be large enough to impact the
integrity of the bridge structure. Consequently, it
was initially recommended that liquefaction
mitigation be done. Subsequent stability analyses
with residual strength values in the mid-range of
Figure 4 provided a factor of safety of 1.3 against
slope failure. The use of residual strength in the mid-
range of Figure 4 was judged appropriate because the
(Ny)go residual strength value used in the analysis
represented a minimum value for the liquefied layer.
For this factor of safety, the estimated displacements
were judged not to be excessive for the integrity of
the bridge.
However, if the factor of safety with the more
conservative residual strength analyses was less than
1.2, obtained in the previous analyses, a more
detailed study would have been recommended.
Considering the high estimated cost of mitigation,
and the conservatism in the residual strength
analysis, it was finally decided that soil improvement
would not be required at the south abutment.

LIQUEFACTION MITIGATION OPTIONS AT
SOUTH ABUTMENT

Two alternatives were considered to mitigate
liquefaction at the south abutment: 1) construction of
a stabilizing berm, and 2) insitu soil improvement to
create a non-liquefiable soil “plug” near the toe of the
slope. A factor of safety of 1.4 (significantly greater
than unity) assuming no residual strength in the
liquefiable soils was used as a design target for which
lateral deformations would be tolerable (Seed 1987).

Stabilizing Berm

Several berm sizes were analyzed considering both
circular and non-circular failure surfaces but a
targeted factor of safety of 1.4 could not be achieved.
This improvement technique would have been



Table 1: Results of Slope Stability and Displacement Analyses

Case 1 Case 2 Case 3
K, U
Feature FS% (g) {mm) F§ FS
Morth Embankment 0.9 0.171 2-20 N/A N/A
South Embankment 1.6 42 0 1.3 1.4
Levee- Northward 0.6 0.124 10- 100 NiA NiA
Levee - Southward 0.7 013 10 -90 NIA NIA
Ground Surface Acceleration =035 g Case | = Undraincd Strength in Soils
F8use = Pseudo-Static Factor of Safety Case2 = Residual Strength in Liquefied Soils
F§ = Factor of Safety for Slope Stability against Case 3 = Retrofil with Zero Residual Strength in
Gravity Loads Upper Liquefied Soil
K, = Yield Acceleration {g)
U = La'ergl_pns;nlacemem (mm) (Makdisi and  Seed 1978) N -
2000 ' ' . . § improvement using stone columns was initially
O i, vt oo s sowe cusc erenes mene | recommended.
_ _ It was recommended that the stone columns extend
s00F O SRR ML ERIML R G e 1 1.5 m below the liquefiable zone into the underlying
O cossTRUSTION - INZUEED LIGUEFACTION &NO SLIDING CASE HISTORMES nOn-liquﬁ‘ﬁablC Iayer, and that the i]npro\«’ed soil zone
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effective had some residual strength been used in the
liquefied soils, however, some lateral displacements
would accompany the mobilization of the residual
strength. Therefore the berm option was rejected.

Soil Improvement

Generally, the soil improvement technique selected
depends on the soil to be treated, constructability, and
cost. The fines content of the loose sandy soils at this
site is about 35 to 40 percent. Common densification
techniques such as vibro-compaction and compaction
grouting were judged to be less effective than vibro-
replacement or stone columns where the soils have a
relatively high fines content. Stone columns have
been used successfully to mitigate consequences of
liquefaction in soils with a large amount of fines
(Mitchell et al. 1995). For this project, soil

24

be located near the toe of the slope as shown in
Figure 5. The stone columns were anticipated to
strengthen the soil and provide drainage during
shaking. For slope stability analysis, the
strengthened zone created by the stone column was
assumed to have an average friction angle of 32
degrees. To implement this option, compaction
grouting or deep-soil mixing would have to be used
directly below the structure because of the restricted
headroom.

Cost Estimates

For design and cost estimating purposes, a mitigation
scheme consisting of 0.9 m diameter stone columns,
spaced on 2.1 m centers extending 1.5 m into the
non-liquefiable sands was considered. The estimated
cost for stone columns was $120 per linear meter
based on previous IDOT studies. For this project, the
estimated total cost for soil improvement was about
$600,000 to $700,000. This amount did not include
the cost of temporary excavation to prepare a work
pad, or other incidental construction.

As aforementioned, after additional slope stability
analysis, this liquefaction mitigation option was
deemed unnecessary resulting in significant savings
to the overall seismic retrofit costs for this bridge.

FOUNDATION RETROFIT

Foundation capacity from the north abutment to the
levee was judged not to be significantly affected by
carthquake shaking. Consequently, foundation
retrofit north of the levee was not recommended
unless the capacity of existing foundations were not
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adequate for seismic loads. Liquefaction south of the
levee is expected to significantly reduce existing
foundation capacity. For the south half of the bridge,
two general techniques for retrofit were considered:
1} soil improvement at pier locations to prevent
liquefaction, and 2) foundation underpinning to
transfer loads to the non-liquefiable strata below the
liquefiable zone. Based on a cost analysis and
constructability, underpinning was recornmended. A
schematic of the underpinning is shown in Figure 6.
Two options, driven piles (pipe and H-sections) and
pin-piles were considered. Driven piles bave two
major disadvantages: 1) they are difficult and
expensive to install where head room is limited, and
2) pile driving could potentially cause settlement of
the existing bridge. In contrast, when properly
installed, pin-piles can used at sites with limited head

room without being detrimental to the safety of the
existing bridge. Generally, pin-piles are more costly
than driven piles where headroom can accommodate
pile driving. The cost for each option was estimated
considering that piles of about 30 to 35 m long will
be required for ultimate capacities of about 1.79 MN.
The cost estimates are presented in Table 2.

The estimated unit cost for pin piles is slightly more
than that for driven piles. However, the small
premium was viewed to be a worthwhile trade-off
considering the possible detrimental effects driven
piles could have on the existing bridge. Pin-piles
were therefore the recommended foundation retrofit
option for this project.

) 5

NON—LIQUEFIABLE

SAND,/GRAVEL
2

UNDERPINNING PILES PLUS
STRENGTHENED PILE CAP

Figure 6. Retrofit by Underpinning Piles and Strengthened Pile Cap

Table 2: Cost Estimates

Ultimate Capacity Cost Per Linear meter
Pile Type MN Contractor A Contractor B Contractor C
HP 14 x 89 179 203 $262 - £328
12,75 0D x 0.5” pipe 1.79 5240 $262-5328
Pin Pile 1.79 §226 $230% $295 - $361

* For 1.07 -MN ultimate capacity pin pile.
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CONCLUSIONS AND REMARKS

In this project, a factor of safety of 1.3 obtained using
a conservative estimate of the residual strength in the
liquefied zone was accepted in favor of a potentially
costly liquefaction mitigation option for the south
abutment. The residual strength used to evaluate
slope stability and lateral displacements where
liquefaction is predicted to occur is a key issue in
seismic retrofit studies. Slope stability and resulting
displacements are very sensitive to the residual
strength assigned to the liquefiable zone. Currently,
there is no consensus on a procedure for the selection
of residual strengths in liquefied soils. Consequently,
when reliable site specific laboratory data such as
tests on insitu frozen samples are not available, the
selection of residual strength should be based on
available correlations of back-calculated residual
strengths from field case histories of liquefied
failures. The cost of retrofit options is usually
significantly higher than that of performing detailed
displacement analysis using nonlinear methods.
Therefore, it may be advantageous to perform non-
linear analyses in seismic retrofit studies for bridge
abutments.
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ABSTRACT: Many earthquake motions have been observed at the bedrock of embankment dams. The observed waves
are affected by the dynamic interaction between the dam and its foundation. The effects of the frequency contents of the
input waves and the impedance ratio on the dynamic interaction at the dams base were evaluated using FEM analyses.
The change of the dynamic interaction on the footprint of dams was represented analytically. The analytical results
agreed with the carthquake observations and the microtremor measurements at dam sites. Moreover, a simplified
analytical procedure that the estimated incident seismic wave on the basement layer from the within wave observed at
the base of an embankment dam was proposed. The procedure was applied to the estimation of the incident wave at a
rockfill dam site during the Kobe Earthquake.

1 INTRODUCTION and its foundation are evaluated by wave energy

dissipation through the dam to the foundation or by
Earthquake observations at the bedrock of dam sites are radiation damping. Analytical evaluations of radiation
precious data of earthquake motions at the hard rock site damping of embankment dams have been performed
condition, for which the S-wave velocity is over about (Chopra & Perumalswami 1969, Ohmachi 1980,
800 my's. There are few earthquake observational stations Yanagisawa 1982, Hirata 1989, Tohei & Ohmachi 1990).

situated at hard rock site in Japan, except for dams and In these evaluations, analytical procedures were mainly
nuclear power plants. In most dams of Japan in particular, used and few comparative evaluations with actual dam
seismographs have been installed in the inspection observations were conducted.

gallery at the base of embankment dams or at the bottom In this paper, we evaluate the cffects of frequency
of concrete dams for the purpose of safety control against contents of input waves and the impedance ratio on the
earthquakes, Most dams in Japan, except for small earth dynamic interaction between an embankment dam and
dams, are constructed directly on the excavated bedrock its foundation. A little effect of reservoir for an
of riverbeds and abutments. The lower part of a massive embankment is not considered. The evaluations are
dam s, thus, roughly considered to behave performed using both FEM numerical analysis and the
approximately in the same way as its bedrock and rock earthquake observations at an existing dam. Moreover,
abutment during earthquakes. However, earthquake we propose a simplified analytical procedure that
response of a dam s affected by the dynamic interaction estimates the incident seismic wave on the basement
of dam-foundation-reservoir system. The earthquake layer without the dynamic interaction effects from the
waves observed at the dam base or at the dam bottom are observations at the base of an embankment dam.

mteracted especially with its foundation. In other words,

the earthquake waves at the dam base are the

combination of the incident waves through the 2 DYNAMIC INTERACTION AT BASE OF AN
foundation and the radiation waves through the dam EMBANKMENT DAM

body. They are, therefore, different from the waves at the

free-field, i.e. outcrop. In order to make practical use of 2.1 Analytical method and cases

the observations at the dam base of the many dams

where seismometers have already been installed, it is We analyzed the two-dimensional FE model of the Miho

necessary to evaluate the quantitative difference of the Dam in Japan, a rockfill dam with a central core, shown
earthquake wave at the dam base with that at the free- in figure 1. The physical and dynamic properties of the
Held. dam were determined from in-situ tests and laboratory

The effects of the dynamic interaction between a dam tests using the fill materials of this dam. We used the
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Fig. 1. Finite element model of the Miho Dam.

complex dynamic response analysis program DINAS,
which employs equivalent lincar dynamic soil modeling.

We performed analyses on the five cases shown in
Table 1. In Cases 1A and 1B, the effect of the frequency
contents of the input wave on the dynamic interaction
was evaluated. In Case 1A, the acceleration wave, which
has a maximum of 138gal and is shown in figure 2,
observed at the downstream toe of the Miho Dam during
the event of March 6, 1996 (JMA magnitude of 5.8) was
input. In Case 1B, the same wave as in Case 1A only
with the time axis stretched by a factor of two, that is
with twice calculation period, was input. The
predominant frequency of the nput wave of Case 1B
was consistent with the natural frequency of the dam
body. In Cases 1B, 2-4, the effects of the impedance ratio
between the dam body and its foundation were evaluated
by changing the shear stiffness of the foundation.

2.2 Results of the analysis

a) Effects of frequency contents of input waves

The amplification spectra of the response waves at the
crest and at the center of the dam base against the input
wave for Case 1A arc shown in figure 3. The
amplification spectrum for the dam base dips at a slightly
higher frequency than the natural frequency that is
indicated as the predominant frequency of the
amplification spectrum at the crest. The amplification
spectrum for the dam base in figure 3 shows that the
seismic wave at the dam base reduces the seismic power
at the frequency range of the natural frequencies of the
dam considerably.

Figure 4 shows the Fourier amplitude spectra of the
acceleration at the center of the dam base and at the free-
field for Case 1A. The amplitude spectrum for the dam
base is smaller than that for the free-field for the second
and third natural frequencies of the dam (around 3 Hz).
This is because the spectrum of the input wave has large
amplitudes around the second and third natural
frequencies of the dam. The Fourier amplitude spectra
for Case 1B are shown in figure 5. The amplitude
spectrum for the dam base is extremely smaller than that
for the free-field around the first natural frequency of
1.7Hz. When an incident wave that has large energy
power around the natural frequency of a dam is input,
dynamic interaction between the dam and its foundation
makes the spectral amplitude of the response acceleration
at the dam base decrease around this frequency.

b} Effects of impedance ratio
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Fig. 3. Amplification spectra for Case 1A.

The amplification spectrum ratio Ar, which is the
amplification spectrum for the dam base divided by the
amplification spectrum for the free-field, was calculated.
The amplification spectrum ratio Ar shows the difference
between the seismic response at the dam base and that at
the free-field. Figure 6 shows the amplification spectrum
ratios for the central part of the dam base for Cases 1B, 2
to 4. Figure 7 shows the amplification spectrum for the
crest. Figure 8 shows the relationship between the
frequency where the amplification spectrum ratio for the
dam base sinks in figure 6 and the predominant
frequency of the amplification spectrum for the crest in
figure 7. Figure 8 shows that each sinking frequency for
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the dam base is slightly higher than the corresponding
predominant frequency for the crest. In figure 6, the
larger the impedance ratio, the larger the dip in the
amplification spectrum ratio. In other words, the larger
the impedance ratio, the larger the effect of dynamic
interaction. Figure 7 shows that the response
magnification of the dam becomes larger as the
impedance ratio becomes smaller. This indicates that the
smaller the impedance ratio, the larger the non-linearity
of the dam body and the lower its natural frequency. It is,
therefore, suggested that the sinking frequency for each
amplification spectrum ratio shown in figure 6 becomes
lower as the impedance ratio becomes smaller.

Figure 9 shows the distribution of maximum
acceleration, which is normalized by dividing by the
maximum acceleration at a free-field, along the dam base
and on the downstream ground surface for each of the
analytical cases. The maximum accelerations are smallest
at the center of the dam base and recover as you move
toward the downstream toe. The maximum accelerations
at the downstream toe are only about ten percent less
than the maximum accelerations at the free-field. The
larger the impedance ratio, the more the maximum
accelerations at the dam base drop and the larger the
dynamic interaction between the dam and the foundation.

The residual of the amplification spectrum ratio was
integrated from 0.5f to 2.5f,, where f, is the first natural
frequency. The mean residual ¢ shown in equation (1)
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represents the ratio of the energy loss at the dam base due
to the dynamic interaction.
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Figure 10 shows the distribution of the mean residual
¢ along the dam base (footprint) and on the downstream
ground surface for each of the analytical cases. The mean
residual e is large around the center of the dam base and
becomes smaller as you move toward the downstream
toe. Furthermore, the larger the impedance ratio, the
larger the mean residual, i.. the larger the energy loss
due to dynamic interaction. The values of the mean
residual e are only about 0.1 around the downstream toe
for all the cases.

Figures 9 and 10 indicate that the effect of dynamic
interaction on earthquake response is low around the
downstream toe, regardless of the impedance ratio. There
is negligible effect of dynamic interaction due to the dam
on the seismic response at the point about half a dam’s
width away from the downstream toe.

2.3 Verification of analytical results using observations

The characteristic of the earthquake motions at the dam
base obtained from the analytical procedures in section
22 above were verified using the earthquake
observations during three events and the data of
microtremor measurements at the Miho Dam. We
calculated the ratio of the Fourier amplitude spectrum of
the waves observed at the crest to that at the outcrop. We
also calculated the ratio of the Fourier amplitude
spectrum of the waves observed at the center of the dam
base to that at the outcrop. The relationships between the
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sinking frequency of the Fourier amplifude spectrum
ratio for the center of the dam base and the predominant
frequency for the crest obtained from the observations
and the microtremor data have been added to figurc 8.
The points appear slightly above the 45-degree line that
represents the case where the sinking frequency for the
dam base is equal to the predominant frequency for the
crest. In other words, the sinking frequency for the dam
base is slightly higher than the comesponding
predominant frequency for the crest, which agrees well
with the analytical results in section 2.2 above.

The normalized maximum acceleration and the mean
residual of the amplification spectrum ratio from the
carthquake observations during the event of March 6,
1996 and the microtremor data measured at the center of
the dam base and the downstream toe have been added to
figures 9 and 10 respectively. The waves observed at the
outcrop were used as the reference wave records. The
maximum acceleration at the center of the dam base is
smaller than that at the downstream toe. The mean
residual e at the center of the dam base is larger than that
at the downstream toe. These trends agree with those
seen in the analytical results.

3 ESTIMATION OF SEISMIC WAVE INCIDENT ON
BASEMENT LAYER

3.1 Estimation procedure

As stated in the previous chapter, earthquake waves
observed at the dam base are interacted with the dam
body. Hence, we propose a simplified procedure for
estimating the wave incident on the basement layer from
observations at the base of an embankment dam
analytically. Ohmachi & Kataoka (1995) estimated the
incident seismic waves from the observations at the base
of a concrete dam using the procedure that involved
dividing the frequency characteristics of the observations
at the dam base by the transfer function. However, an
earth structure such as an embankment dam has the high
earthquake-induced non-linearity of the soil and rockill
materials. This is the major difference from a concrete
dam with regard to the estimation of the incident wave
for earth structure. For this reason, we performed
dynamic equivalent linear pre-analysis on the model of
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an embankment dam with a rigid foundation. The reason
why a rigid foundation model is analyzed is that the wave
observed at the dam base must be input. This dynamic
pre-analysis gives the shear modulus of the dam reached
in the inelastic region during shaking, Furthermore, a
comparison between the analytical response results and
other observations at the dam enables the accuracy of the
dam model to be verified.

The estimation procedure is as follows:

1. The dynamic pre-analysis of the embankment dam
model with a rigid foundation is performed using the
equivalent linear soil modeling method, The distribution
of the shear modulus of the dam in the final iterative
calculation step is obtained.

2. The transfer function for the dam base is calculated
using the above shear modulus of the dam,

3. The Fourier spectrum, which involves the
characteristics of both amplitude and phase, of the wave
incident on the basement layer is obtained by dividing the
Fourier spectrum of the wave observed at the dam base
by the above fransfer function.

4. The Fourier inverse transform of the Fourier
spectrum calculated above gives the seismic wave
incident on the basement layer.

An observed wave consists of the coupled response of
horizontal and vertical vibrations. In this simplified
procedure, however, we consider only the horizontal
transfer function for the horizontal input motion and only
the vertical transfer function for the vertical input motion.

3.2 Dam analyzed and its model

We applied this procedure to the earthquake observations
at the Minoogawa Dam during the Kobe Earthquake of
1995. The Minoogawa Dam, a 47.0 m-high rockfill dam,
was located about ten kilometers northeast of the
earthquake fault. The seismometers installed in the
inspection gallery at the base of the dam and at the dam
crest recorded acceleration waves during the excitation.
Their maximum horizontal accelerations perpendicular to
the dam axis were 135 gal in the gallery and 242 gal at
the crest. The dam foundation is hard bedrock that has an
elastic wave velocity of about 4 km/s. The impedance
ratio between the dam and the foundation is about 0.3.
We prepared the 2-D FE model of the cross section
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Fig, 12, Amplification spectra for the center of the dam base of the Minoogawa Dam model.
of the Minoogawa Dam. The properties of the dam which is the output from the above pre-analysis on the
materials were determined from the results of execution rigid foundation model. The amplification spectra shown
control tests in the time of the construction and the in figure 12 have a significant sinking at 3 Hz for the

laboratory tests using the fill materials of this dam. We direction perpendicular to the dam axis and at about 4Hz
verified the accuracy of the vibration characteristics of for the vertical direction.

the model by comparing the natural frequency of the Finally, we estimated the wave incident on the
model with that from earthquake observations and basement layer of the Minoogawa Dam site using the
microtremor measurements (Iwashita & Yoshida 1997). steps 3 and 4 of the above-mentioned procedure, with the

In the pre-analysis of the rigid foundation model, the carthquake observations in the inspection gallery built on
effects of energy dissipation by dynamic interaction were the dam base and its transfer functions. The estimated

assumed to be represented by the equivalent radiation incident wave time history and Fourier amplitude
damping ratio that was added to the hysteresis damping spectrum are shown in figures 13, The wave observed at
ratio of the dam materials. the inspection gallery is also shown in the figures for the

shake of comparison. The horizontal maximum
accelerations of the incident wave and the wave observed

3.3 Calculation of an incident wave in the gallery are 137 gal and 135 gal respectively; the

Firstly, we analyzed the rigid foundation model and vertical maximum accelerations are 89 gal and 80 gal
obtained the shear modulus of the dam during excitation. respectively. The amplitude spectrum of the incident
Figures 11 show comparisons of the observed response wave is larger than that for the wave observed at the

acceleration at the crest with that obtained through the gallery at the natural frequencies (the range around 3 Hz
dynamic pre-analysis. Looking at the acceleration-time for the horizontal direction and 4 to 5 Hz for the vertical
history, during the first half of the principal motion (t = 4 direction) because of the dynamic interaction effects
- 6 scc) the analytical results agree well with the descrived in chapter 2.

observations, but during the second half (over 6 sec) the
analytical results are smaller than the observed values.
With regard to the Fourier amplitude spectrum, the
analytical results in the low frequency range under 2 Hz We performed dynamic analysis on the Minoogawa
agree well with the observations, but the analytical results Dam model with a compliance foundation. The incident
are smaller than the observed values around the natural wave estimated in the previous section was input under
frequency during shaking of 3 Hz. In spite of the rigid the basement boundary of the compliance foundation
foundation model analysis, the analytical results give model. Figures 14 show the comparisons of the

3.4 Verification of the estimated incident wave

relatively good agreement with the observations. This acceleration-time histories and Fourier amplitude spectra
confirms that the model describes the non-linearity of the of the analytical response horizontal acceleration at the
dam well during the earthquake. crest with those of the observed acceleration at the crest.

Secondly, the transfer functions for the dam base The results of the analysis agree well with the
were calculated using the shear modulus of the dam, observations for both the time history and the Fourier
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spectrum. Of particular note is the good agreement of the
time histories even for the second half of the principal
motion and of the Fourier amplitudes at around 3 Hz. In
the above range, the results from the simulation of the
rigid foundation model analysis did not agree with the
observations, as was shown in figures11.

4 CONCLUSIONS

1. Due to the dynamic interaction between an
embankment dam and its foundation, the Fourier
amplitude of the seismic waves at the dam base at the
natural frequency is smaller than that at the free-field. It
was demonstrated from FEM analysis and observations
at an existing dam that the sinking frequency is slightly
higher than the corresponding predominant frequencies
for the response wave at the crest.

2. The larger the Fourier amplitude of the incident
seismic wave for the natural frequency of the dam and
the larger the impedance ratio of the dam and its
foundation, the larger the dynamic interaction effects
become.

3. Dynamic interaction effects such as reductions in
maximum acceleration and wave energy are largest at the
center of the dam base and decreasc as you move
towards the downstream toe, These interaction effects are
fairly small by time you reach the toe. The effects at a

point about half a dam’s width from the downstream toe
are about the same as those at a free-field.

4. A simplified procedure for estimating the incident
wave from the observations at the dam base was
proposed. This procedure was demonstrated by
estimating the waves incident on the basement layer at
the Minoogawa Dam site during the Kobe Earthquake.
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Stone column and vibro-compaction of liquefiable deposits at a bridge

approach

J. Zdankiewcz & R.M.Wahab

Hinois Department of Transportation, Springfield, Ill., USA

ABSTRACT: The foundation soils for a bridge approach and abutment were identified as liquefiable soils.
The subsurface soils consist of alluvial deposits comprising 4.5 to 6 m of soft silt over 21 m of loose sand.

Vibro-replacement stone columns (0.9 m diameter) were used to improve the top silt deposit.

Vibro-

compaction was used to densify the top 11 m of the underlying loose sand. The standard penetration test
(SPT) was used as an acceptance criterion for vibro-compaction. Out of 370 SPTs conducted, 350 exceeded
the minimum required blow count. Liquefaction and slope stability analyses were conducted before and after

ground improvement.

Significant improvements in soil strength, density and factor of safety against

liquefaction, were achieved for both the soft silt and loose sand deposits. The short- and long-term slope

stabilities were also improved.

1 INTRODUCTION

A Cable-stayed ‘bridge is currently under
construction on the Mississippi River along Illinois
State Highway IL 146, at Cape Girardeau (Illinois
and Missouri states). The project is located in
seismically active area, where the bedrock
acceleration is estimated to be 0.36g, with an
earthquake magnitude of approximately 8.5. On the
Ilinois side, a bridge abutment and a 10 m high by
62 m long approach embankment were constructed
by Ilinois department of Transportation (IDOT).
The end slope was designed for 0.24g, with no
deformation and no liquefaction. The foundation
soils consisted of alluvial deposits which comprise
4.5 to 6 m of soft silt over 21 m of loose sand. The
top 15 m of alluvial deposits were identified as
highly liquefiable soils.

Several ground improvement alternatives were
considered for the project. These include deep
dynamic compaction, preloading, removal of silt
and replacement with acceptable material, and the
vibro-replacement and vibro-compaction techniques.
Experience (Lukas, 1995) indicated that the top silt
layer, with a plasticity index of 0 to 26, may present
an “unfavorable” condition for dynamic compaction.
Also, the relatively large depth of influence (about
27 m) would require a high energy input which
would make dynamic compaction costly. The

preloading was not a viable option because of
project schedule. Removal and replacement was
estimated to be the most costly alternative.

Vibro-replacement stone columns (0.91 m diameter)
were used to improve the top silt deposit. Vibro-
compaction was used to densify the top 11 m of the
underlying loose sand. In both cases, coarse crushed
stone was used as a backfill material. Compaction
points were arranged in a uniform triangular grid.

Twenty eight (28) quality assurance soil borings
were performed, at an average of 1 boring for every
30 compaction points. The standard penetration test
(SPT) was used as an acceptance criterion for vibro-
compaction. Approximately, 370 SPT tests were
conducted, of which 350 exceeded the minimum
required blow count.

Liquefaction analyses were conducted before and
after ground improvement using Seed and Idriss’
(1982) simplified procedure.  Also, static and
pseudo-static seismic slope stability analyses were
conducted using the simplified Bishop slices
method. The computer program SHAKE9] (Idriss
and Sun, 1992) was used to identify ground motion.
Significant improvements in soil strength, density
and factor of safety against liquefaction, were
achieved for both the soft silt and loose sand
deposits. Slope stabilities were also improved.
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2 SITE INFORMATION

Ground modification was accomplished on the cast
side of the Mississippi River Bridge along Highway
IL 146 at Cape Girardo, Ilinois (Figure 1) to
improve the foundation soils for the bridge approach
and abutment. The east side of the project will be
referred to as the “site”.

2.1 Subsurface Soil Condition

The subsurface investigation at the site, prior to
ground modification, indicated that the foundation
soils consisted of 4.5 to 6 m of very soft sandy silt to

1 Mile = 1.6 km

F S—

=i

Figure 1: Location map for the site where ground
modification was conducted.

silt over 21 m of loose, fine to coarse silty sand to
sand. The silt to silty loam layer consisted, on the
average, of 50% to 70% silt, 20% to 30% sand and
5% to 20% clay. A typical particle size distribution
for this silty soil is shown on Figure 2. The majority
of the silty soil samples were non-plastic; however, a
few samples with the high clay content showed
plasticity index (PI) ranging from 6 to 23. The
moisture  content ranged from 20% to 50%
Consolidated-drained (CD) and consolidated-
undrained (CU) triaxial tests were conducted on
typical silty soil samples. Based on the CD tests,
The average effective cohesion (c') and friction
angle (¢") values for the silty soils were 8 kPa and
31", respectively. Based on the CU tests, the
average ¢' and @' values were 3 kPa and 17’ respec-
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tively. The average N-value, from the SPT tests, for
the underlying 21 m of sandy layer ranged from 3 to
27 blows per 0.3 m penetration at various depths.
The average moisture content ranged from 25% to
35%. The ground water was encountered at an
average depth of 2.5 m below existing grade for all
borings.

2.2 Liguefaction Analysis

The liquefaction potential of the foundation soils
was evaluated using the Simplified Procedure
originally developed by Seed and Idriss (1982).
This method 1s based on documented field
performance of soils subjected to earthquakes, and it

PER CENT FINER BY WEIGHT

oot
LOG GRAIN DIMETER (mm)

Figure 2. Typical grain size distribution curves for
the upper silty soil and the underlying sandy soil.

uses the SPT N-value to estimate the cyclic stress
required to cause liquefaction, called the critical
cyclic stress. This stress is then compared to the
cyclic stress induced by the design earthquake, to
estimate the factor of safety against liquefaction
(FOSL). Corrections to the procedure were made
for SPT hammer energy and overburden pressure.
Also, corrections for the site earthquake magnitude
of 8.5 was made. The average corrected N-values,
used in the liquefaction analysis, were 5 and 15 for
the upper 4.5 to 6 m silty soil and the underlying 21
m sandy soil, respectively. An average ground water
depth of 2.5 m below existing grade was used in the
analysis. Based on the analysis, it was concluded
that the FOSLs for the upper 4.5 to 6 m silty soil and
the underlying 21 m sandy soil were 0.4 and 0.7,
respectively.



2.3 Slope Stability Analysis

In order to conduct slope stability analysis, the
bedrock acceleration at the embankment base was
estimated, using SHAKES91 program (Idriss and
Sun, 1992). This program is based on a one-
dimensional equivalent-linear site response analysis.
The average soil parameters used in this program for
the upper 4.5 to 6 m silty soil and the underlying 21
m sandy soil, respectively, were: shear moduli of 43
MPa and 66 MPa, mass densities of 1900 and 2000
kg/m', and an average equivalent viscous damping
ratio of 0.04 used for both layers based on an
effective strain factor of 0.65 (Kavazanjian et al.,
1998). The bedrock acceleration at the site is
estimated to be 0.16g for a return period of 475
years (90% non-exceedence in 50 years) and 0.36g
for a return period of 2400 years (90% non-
exceedence in 250 yrs.). Results of the SHAKEY1
analysis indicate amplification of the bedrock
motion to be about 0.24g at the base of the
embankment for the lower return period. The
SHAKE®91 analysis did not indicate amplification of
the bedrock motion for the higher return period.

Static slope stability analysis was conducted for the
side slopes, using a slope stability analysis program
called XSTABL (Sharma, 1994). XSTABL is based
on the limit equilibrium approach, using the
simplified Bishop slices method. Also, pseudo-
static seismic stability analysis was conducted for
the endslope, using XSTABL and assuming the
earthquake loads are applied at the centroid of each
individual slice.

Table 1. Summary of slope stability analyses before
ground modification.

Condition Soil Parameters FOS
End of Construction Sil: ¢’ =17kPa,p=0 082
{Static: K =0.0g) Sand: ¢’ =0, p=30"

UU Tests

Long-Term Silt ¢' =0, ¢ =31" 1.74
(Static: K =0.0g) Sand:c =0, ¢" = 30"

CD Tests

Long-Term Sile ¢ =0,0"=17" 0.79
(Seismic: K, = 0.24g) Sand: ¢’ =0, @’ = 30"

CU Tests

Long-Term Silt ¢ =0,9"=17 0.65

(Seismic: K, = 0.36g)
CU Tests

Sand: ¢ =0, ¢ = 30"
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The end slope was designed to have no deformation
at a yield base acceleration of 0.24g, for a factor of
safety (FOS) of 1. For base accelerations greater
than 0.24g and the FOS is less than 1, the permanent
seismic deformation was estimated using the
procedure developed by Makdisi and Seed (1978).
The procedure is based on two-dimensional finite
element analysis of embankments. The end slope
was designed to have a tolerable deformation less
than 15 c¢m for earthquakes producing up to 0.36g
base acceleration. A cohesive silty clay soil, with an
average cohesion of 50 kPa and zero friction angle,
was use for the 18.6 m approach embankment. The
end and side slopes were constructed at 2H:1V and
3H:1V, respectively, in all analyses. A summary of
the subsurface soil parameters, used in the stability
analyses for different conditions, and the resulting
FOS are summarized in Table 1.

3 CONSTRUCTION PROCEDURES

The objective of ground modification at the site was
to improve the shear strength of the upper 4.5 to 6 m
silty layer and densify the underlying 21 m of loose
sandy layer. This was accomplished by using the
vibro-replacement method for the soft silty layer and
the vibro-compaction method for the loose sandy
layer. As shown on Figure 3, both methods covered
the entire area, except vibro-compaction extended 9
m to the west beyond the limits of vibro-replacement
to cover the entire end slope. The analyses
indicated that stone columns beyond the mid-point
of the end slope did not significantly influence the
different factors of safety. In the common (shaded)
area, both methods were performed as a continuous
operation at the same modification points (locations)
as shown on Figure 4. All modification points were
arranged in a 2.4 m equilateral triangular grid as
shown on Figure 5.

The backfill material (stone) used for both vibro-
replacement and vibro-compaction holes was an
IDOT-specified coarse aggregate, designated as CA-
05. This material consists of 97+3% passing US
sieve size 37.5 mm, 40+25% passing US sieve size
25 mm, 5+5% passing US sieve size 12.5 mm and
3+3% passing US sieve size 4.75 mm (No. 4). The
stone was tested for gradation (AASHTO T 27),
specific gravity (ASTM C 127) and the minimum
and maximum densities (ASTM C 29). The same
stone was also used in a l-m thick drainage
blanket/working platform over the existing ground.

The downhole vibratory probe used in both methods
was a 16-metric ton gyratory probe with an average
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frequency of 2300 rpm. The axes of modification
points {or vibration centers) were near vertical, not
exceeding 5" inclination from the vertical or a
maximum of 0.3 m from the assigned location. No
subsurface obstructions were encountered, during
the modification operations, to cause any significant
deviation in the location of the modification points.

3.1 Vibro-Compaction

Vibro-compaction commenced at the specified
locations by full penetration of the vibratory probe
through the treatment zone. Afterthat, the probe was
slowly retrieved in 0.6 to 1.2 m increments to allow
backfill placement. The backfill stone was then
repenetrated at least twice by the probe, in order to
densify and force the stone radially into the
surrounding insitu soil. The diameter of vibro-
compaction holes ranged from 0.45 to 0.6 m.

SPT soil borings were performed concurrently with
the vibro-compaction operation, at a frequency of
one boring every 30 compaction points. This was
done to provide test results as quickly as possible,
verify the minimum target blow count of 25 blows
per 0.3 m and to perform the necessary corrective
measure at the spots not meeting this criterion, while
the compaction equipment was on the site.

3.2 Vibro-Replacement Stone Columns

Vibro-replacement commenced at the specified
locations, after the vibro-compaction operation at
each location. Water was applied at the tip of the
vibratory probe to widen the diameter of the stone
columns to the required 0.9 m. The flow of water
from the bottom jet was maintained at all times
during backfilling to prevent caving or collapse of
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the hole, and to provide a clean stone column. The
stone columns were constructed by slowly retrieving
the vibratory probe in 0.6 to 1.2 m increments and
allowing the stone placement., Also, the backfill
stone was then repenetrated at least twice by the
probe, in order to densify and force the stone radially
into the surrounding insitu soil.

Quality assurance was achieved by maintaining a
minimum area replacement ratio [0.907(column
diameter/column spacing)’] of 0.128. This ratio was
considered critical to the embankment stability,
according to Barksdale and Bachus (1982). The
average effective stone column diameter was
calculated, using the in-place density of the stone
and the weight of the stone used to fill a given length
of the hole. The in-place density was assumed to
equal 95% of the compacted stone density as
determined by laboratory testing (ASTM C 29). The
weight of the stone required to fill a column was
based on the equivalent number of full buckets of
stone placed in the hole and the loose stone density
determined in the laboratory (ASTM C 29).

4 RESULTS AND DISCUSSION

The shear strength of the upper 4.5 to 6 m of soft
silty soil and the density of the underlying 21 m
loose sandy soil were both significantly improved by
the vibro-replacement and the vibro-compaction
methods, respectively. The improvement in the
shear strength of the silty soil was estimated using
the weighted average shear strength method
recommended by Barksdale and Bachus (1982). In
this method, the stone columns in row were
converted into an equivalent strip whose width is
proportional to the total volume of stone in that strip.
The stone and soil friction angles were converted
into an equivalent shear strength for the entire layer,
taking into consideration the effective overburden
pressure acting on the potential sliding surface,
inclination of this surface, soil plasticity and any
possible stress concentration. Based on average
friction angles of 45" and 31" assumed for the in-
place stone and the silty soil, respectively, the
equivalent weighted average undrained shear
strength of the improved soil was estimated to be 68
kPa (compared to the unimproved 17 kPa) for no
stress concentration condition.

The improvement in the sandy layer was measured
in terms of the increase in the SPT blow count,
Based on the liquefaction analysis, the minimum
required (corrected) N values at different elevations



were as specified on Figure 6 for a FOSL of 1.3. As
shown on this figure, the observed N values for the
improved sandy soil significantly exceeded the
specified values at all depths. Therefore, a friction
angle of 35" was conservatively assumed for the
improved sandy soil in all analyses.
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Figure 6. Specified and observed SPT N value
curves after ground improvement.

Liquefaction and slope stability analyses were
conducted after accomplishing ground improvement.
The liquefaction FOSL increased to the minimum
required value of 1.3 for both layers. Also, the FOS
against slope failure increased for the different
conditions analyzed as shown in Table 2. For the

Table 2. Summary of slope stability analyses after
ground modification.
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Caondition Soil Parameters

End of Construction
{Static: K =0.0g

Silt/stone; ¢ = 68 kPa, p=0 1.52
Sand: ¢ =0, ¢ = 35"

UU Tests

Long-Term Silt/stone: ¢’=0, @' = 31745"  2.31
(Static: K = 0.0g) Sand: ¢’ =0, 9" = 35"

CD Tests

Long-Term Silt/stone: ¢’ =0, ¢’= 17745" 1.00
(Seismic: K = 0.24g) Sand: ¢" =0, 9" = 35"

CU Tests

Silt/stone: ¢'=0, @' =17745" 0.81%

Sand: ¢’ =0, p =357

Long-Term

(Seismic: K, = 0.36g)
CU Tests

# With tolerable deformation of 15 cm.

UU condition, the weighted average undrained shear
strength of 68 kPa for the silt/stone layer was used.
For the CU and CD conditions, the actual friction
angles corresponding to each condition for the silt
and stone were used as shown in Table 2.

5 CONCLUSIONS

The foundations soils of a bridge approach and
abutment were identified as liquefiable soils. Vibro-
replacement (stone columns) method was used
increase the shear strength of the upper silty soil, and
vibro-compaction was wused to densify the
underlying loose sandy soil. Liquefaction and slope
stability analyses were conducted before and after
the ground improvement. The factors of safety

against liquefaction and slope failure, both
significantly  increased  after the  ground
improvement. The two methods proved to be

effective for the types of soils considered in this
project.
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How liquefiable are cohesive soils?
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ABSTRACT: Although most clayey soils are not vulnerable to liquefaction during earthquakes, certain types of
clayey materials, that meet the so-called “Chinese Criteria”, are susceptible to significant strength loss during
seismic action. If for sandy soils there are currently reliable procedures to determine the level of shaking intensity
that may trigger liquefaction and their post-liquefaction residual strength, there are not widely accepted criteria
for quantifying clayey soil behavior under seismic loading. Prudent engineering practice requires more
conservatism in seismic design when cohesive soils meeting the “Chinese Criteria” are present in the foundation
of structures than in respect to sandy soils, although sandy soils are recognized as more susceptible to triggering
of liquefaction. The authors summarize some data in literature and findings of their research in an attempt to
lowering the degree of conservatism in dealing with cohesive soils subjected to earthquake shaking.

1 INTRODUCTION

Liquefaction of sand, clean or with some fines content,
has been extensively studied over the last three
decades and is currently a phenomenon reasonably
predictable. The liquefaction of relatively loose
saturated sandy soils under cyclic loading is attributed
to the increase in pore pressure due to the tendencies
of the soil particles to re-arrange into a denser state.
The most disturbing effect of sandy soil liquefaction,
i.e. its significant loss of shear strength, is a direct
consequence of the release of contacts between
particles following the decrease of the effective
confining pressure.  Although cyclic undrained
loading would increase the pore pressure in cohesive
soils as well, their “cohesion” prevents separation of
particles and, therefore, the loss of shear strength is
less dramatic than in the cohesionless soil case.
Since observations during strong earthquakes in
China from 1966 through 1976 and publication of the
so-called “Chinese Criteria” (Wang, 1979), some
clayey silts, silty clays, or lean clays are considered
susceptible to significant strength loss during cyclic
loading, in particular due to the seismic action. The
induced loss of strength may even lead to a state
similar to liquefaction as observed in cohesionless
soils. There is, however, no available information
(based on observations in China) on the ground
motion characteristics required to trigger this behavior,
except that occurrences were reported for earthquakes
ranging in Modified Mercalli intensity from VII to IX.
In post-earthquake deformation and stability
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analyses it is currently common practice to assume
that these somewhat cohesive soils, if anticipated to
liquefy, behave like remolded sensitive clay, so that
only their residual strength can be mobilized. On the
other part, the modern approach using steady state or
residual strength of liquefied sands (instead of zero
strength) reduces the conservatism formerly applied in
dealing with cohesionless soils. Therefore, current
practice may result in a judgement that some clayey
materials in the foundation of structures subjected to
seismic action are more dangerous than liquefiable
sands, i.e. they may possess shear strength comparable
to or even less than liquefiable sands do under similar
circumstances. It is the authors’ opinion that the
automatic assumption of significant loss of strength in
cohesive materials during seismic action, indifferent of
the duration of shaking and expected deformation, may
be unwarranted and should be revised.

2 CHARACTERISTICS OF LIQUEFIABLE
COHESIVE SOILS

The first reputable reference in the american technical

literature on liquefiability of some cohesive soils is
due to Seed et al. (1983):

“Consider some clay soils as being vulnerable

to significant losses in strength. Based on

Chinese data, these soils would appear to

have the following characteristics: percent

Jiner than 0.005 mm < 15%, liquid limit, LL <

35, and water content > 0.9 LL. The best way



to handle these soils, if they plot above the A-
line, would be to determine their liguefaction
characteristics by tests.”

It is, however, extremely difficult to obtain
undisturbed samples of these soils and to test them.
Therefore, it would be very profitable if empirical
criteria or correlations with penetration results,
available for cohesionless soils, can be extended to
cohesive soils,

2.1 Evidence of liquefiability of some cohesive soils

The observations in China that lead to development of
the “Chinese Criteria” are summarized in Figure 1
(after Wang, 1979, 1981). Two characteristics of the
liquefied deposits that are not usually considered in the
Chinese criteria were: plasticity index, I, < 14 and
liquidity index, I, = 0.75. (See notation in Table 1.)

From the domains with liquefaction cases shown
in Figures 1a, b, some portions correspond to coarse-
grained or silty soils with no or low plasticity, that can
be evaluated with procedures developed for sands:
sand size (0.075 to 4.75 mm) 2 50%, plasticity index,
P1 < 4, soils that plot below the A-line. On the other
part, clayey soils with more than 15% (or,
conservatively, 20%) clay size particles (smaller than
5 um) or with the plasticity index, PI > 13 were not
observed to liquefy.

Liquefaction of fine-grained soils (defined in
ASTM D 2487 as having 50% or more fines, i.e.
particles passing the 75-pm sieve) have also been
observed in Japan. For example:

»  Kishida (1969) reported liquefaction of soils

with up to 70% fines and 10% clay fraction;

»  Tohno & Yasuda (1981) reported liquefaction

of soils with up to 90% fines and 18% clay
fraction due to the 1968, Tokachi-Oki
earthquake;

= Miura et al. (1995) noted liquefaction of soils

with up to 48% fines and 18% clay fraction
due to the 1993, Hokkaido Nansai-Oki
earthquake.
Japanese norms, based on studies by H. Tsuchida of
liquefactions in 1964 in Niigata, consider easily
liquefiable soils with up to 100% fines and 25% clay
fraction (Japan Soc. of Civil Engrs, 1977).

In the United States, the upstream flow slide
failure of the Lower San Fernando Dam, consequent to
the 1971 San Fernando earthquake, has been atiributed
to liquefaction of “very silty” hydraulic fill sands
(Seed et al. 1989). Liquefaction in soils containing
silty or clayey fines is likely, though not well
documented, to have occurred as a result of the 1886
Charleston, South Carolina earthquake (Obermeier et
al. 1985). Alternating layers of silty and/or clayey
glaciomarine sand deposits have been contended to
have liquefied during several northeastern USA
earthquakes (Tuttle & Seeber 1989). Wesnousky et al.
(1989) detail a comprehensive evaluation of geologic
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Figure 1. Plot of liquefied fine-grained soils in China during
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evidence of extensive liquefaction and massive sliding
of loessial bluff soils throughout the Mississippi
embayment as a result of 1811-12 New Madrid,
Missouri series of very strong earthquakes. Youd et
al. (1985) reported liquefaction of soil with 70% fines
and 20% clay fraction (< 5 pum) at the Whiskey
Springs site (2 km from epicenter) during the M = 7.3
Borah Peak, Idaho earthquake.

Ishihara et al. (1990) report that an earthquake of
magnitude 5.5 shook the Dushanbe region of
Tadjikistan in 1989, whereupon wetted, low-plasticity
loess (80% silt, 15% clay, L.L. = 30, P1 =10, w = 40%)
slumped and flowed as far as 2 km. However, the
authors state that "this event seems to be unique and
previously unknown phenomenon” and “the loess
deposit between the depths of about 7 and 17 m
appear to have been in a state of impending hydraulic
collapse even prior to the advent of the earthquake”.

Susceptibility to liquefaction of fine-grained or
cohesive soils was confirmed by laboratory tests. Lee
and Fitton (1968) tested both sands and silts, and
included in the category of “most liquefiable in
laboratory™ soils having up to 95% fines. Ishihara
(1985) found that lean clay from the El Cobre, Chile,
No.4 dike (95% fines, 20% clay fraction, PI = 11) has
the resistance to liquefaction comparable with
reconstituted samples of clean sand with a relative
density of 40%. Actually, many clay or silt deposits
with low plasticity index, such as tailings material,
have been found to be as vulnerable to liquefaction as
are loose clean sands.

2.2 Generalization of “Chinese Criteria”

According to Wang (1979), the following criteria are
included in the Chinese Code of Aseismic Design of
Hydraulic Structures: “any silty soil which contain
less than 15% to 20% clay particles (less than 5 pm in
diameter) and has plasticity index I, greater than 3 is
possible to reach liquefaction during strong earthquake
if its water content W is higher than nine-tenths of its
liquid limit W,”. However, the Chinese practice of
determining clay fraction, I,, W, and W differs from
procedures used in USA and many other countries for
determination of clay fraction (in accordance with
ASTM D 422), liquid limit, LL, plastic limit, PL,
plasticity index, PI (ASTM D 4318), and moisture
content, w (ASTM D 2216).

Based on a parametric study of practices in
consistency limits, water content and gradation
measurements performed at Vicksburg District of the
US Army Corps of Engineers and preliminary studies
by Koester, Finn (1993) recommended an adjustment
of the index properties as determined using the USA
standards, prior to applying the Chinese criteria: (1)
decrease fines content by 5%, (2) increase liquid limit
by 1% and (3) increase water content by 2%. The
author suggested the criterium based on liquidity index
be ignored.
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Koester (1992a) directed a comprehensive study on
the influence of test techniques on the correlation of
Atterberg limits with liquefaction occurrence in fine-
grained soils. The major difference between soil
characterization in USA and People Republic of China
(PRC) is due to fundamentally different methods used
to determine the plasticity limits: percution test in the
Casagrande device for LL and rod-rolling method for
PL in USA, as compared with fall-cone in laboratory
penetrometer for both W, and W, procedure described
in the PRC Soil Testing Standard SD 128-007-84.

Considering the comparative tests of this study
(USA vs. PRC procedures) only for soils in the range
of interest (PRC defined W, < 35 and I, < 14, plotted
above the A-line), LL was found 1 to 2 units (percent
water content) lower than W,. This finding suggests
that a more appropriate adjustment would be to
increase LL by 1.5% for obtaining an equivalent Wy,
or LL = W, - 1.5. Although the scatter of data was
relatively high, no systematic difference was observed
between PL and W;; i.e. PL = W,. Therefore, an
appropriate conservative adjustment would also be I,
= PI + 1.5. Table 1 summarizes the difference
between soil parameters as defined in PRC and USA
(ASTM):

Table 1. Soil characterization parameters.

Parameter Notation Relationship
PRC USA
Liquid limit, % W, LL LL=W.-1.5
Plastic limit, % W, PL PL = W,
Plasticity index I Pl PI=1-15
Moisture content, % W W w=W-2
Liquidity index I, LI LI = (I lp - 2)/(I; - 1.5)

The triangular diagram in Figure 1a is based on the
Chinese Code fraction limits. The hatched zone
corresponds approximately to fine grained soils (with
ASTM defined sand size less than 50% and ASTM
defined clay fraction less than 20%) that can be
slightly cohesive.

The diagrams in Figures 1b&c have dual axes: I,
W,, W per Chinese Code and PI, LL, w per ASTM.
Replacing Chinese by ASTM designations on graph
le, LL = W, - 1.5 and w = W - 2, a reasonable
boundary between points corresponding to liquefaction
and non-liquefaction (shown on the graph by a broken
line) corresponds to the equation: w = 0.87 LL.

The original Chinese graph in Figure 1d (left) has
been replotted with LI vs PI axes (right) for points in
the domain defined by I; =0.5to 1.0 and I; = 4 to 14.
The criterium based on liquidity index (I, = 0.75)
becomes too comprehensive (LI = 0.5) and can be
dropped.

In conclusion, the recommended “Chinese criteria”
applied to index properties as obtained using US
standards or similar, would be as shown on Figure 2.
Another modification of the original Chinese criteria
should be noted: the significant parameter to be



related to L1 is the saturated moisture content, not the
water content at the time of the investigation, when the
potentially liquefiable deposit may not be saturated.
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Figure 2. Chinese criteria adapted to ASTM definition of soil
properties.

3 ASSESSMENT OF
LIQUEFIABILITY

COHESIVE  SOIL

3.1 Correlation with shaking intensity

The intensity of shaking at a site, which can be
directly related to the probability of liquefaction, is
generally a function of earthquake magnitude and
epicentral distance. Since Kuribayashi & Tatsuoka
(1975) proposed an empirical relationship between
magnitude, M and the maximum epicentral distance of
liquefied sites, R (log,,R = 0.77 M - 3.6), many
adjustments of this relationship have been proposed,
based on more reported liquefaction events. For
example, US Bureau of Reclamation (1984) proposed
“the lower bound, below which no liquefaction should
occur” shown in Figure 3.

| .

1
= ,_"njj_
] 7T
= T
2 H -

71 : T !
-
£ i

8 {—= FEit mi =
H Piii = \ i i
g [ ¥ *Lower bound - oll soils
RS - —— ———r b d] B AR S e e
(-3 :

1 10 100 1000
Eplcentral Distance (km)

Figure 3. Seismic potential at site vs. empirical liquefaction
occurrence. Numbers correspond to events in Tables 2 & 3.

The following events, plotted on Figure 3, justify an
even lower threshold:

Table 2. Events near the threshold line.

Earthquake/Year MR (km) Reference
1 Alaska, USA/1964 85 500 Youd 1977
2 Vrancea, Rom./1977 7.2 240 Perlea & Perlea 1985
3 Borrego, USA/1968 6.5 55 Youd 1977

4 Cairo, Egypt/1992 5.9 20
5 Chiapas, Mex./1975 5.5 6
6 Daly City, USA/1957 5.3 5
7 Nagaoka, Japan/1961 5.2 1

Elgamal et al. 1993
Flores-Berrones 1977
Youd 1977

Kuribayashi & Tats. 1975
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In Table 2 and Figure 3 the intention was to use
Richter (or local) magnitude. However, if this has
been done is not sure, especially with older events. On
the other hand, even if the magnitude definition would
have been consistent for all events, they differ in
energy transmission characteristics of earthquakes, or
attenuation relationships. The graph in Figure 3
should, therefore, be considered for qualitative
evaluation only.

Table 3 lists some events credited to induce
liquefaction in cohesive soils [Kishida 1966 (8 & 10),
Zhou 1981 (9), Youd et al. 1985 (11)]. The case
history of loess liquefaction in Tajikistan (Ishihara et
al, 1990) was disregarded because the soil deposit was
already on the verge of hydraulic collapse before the
earthquake.

Table 3. Events credited to induce cohesive soil liquefaction.
Earthquake/Year M R(km) Soil type

8§ Tohnankai, Japan 1944 8.3 160  Sik

9 Tangshan, China 1976 7.8 84  Sandy silt, 50% fines

10 Fukui, Japan 1948 72 3 Silt

11 Borah Peak, USA 1983 7.2 2 75% fines, 20% clay

Comparing the two threshold lines in Figure 3 that
correspond to Table 2 and Table 3, respectively, (for
any soil, including sands and for silty or clayey soils
only) it is evident that triggering liquefaction in
cohesive soils requires more energy than in sands. No
liquefaction of cohesive soil was observed following
earthquakes with Richter (local) magnitude less than
7.2. Such seismic events have durations of about 30
seconds or longer; it is believed that cohesive soils
need more time than sands for incremental
deformations to cumulate until liquefaction state is
reached. Actually, Tables 2 and 3 are based on
observations at the ground surface, so that, strictly
speaking, the comparison of the two threshold lines
shows that cohesive soils, compared to cohesionless
soils, are either more resistant to liquefaction, or more
difficult to be ejected to surface and be observed, or
both (the last variant being the most probable).

Earthquake magnitude and epicentral distance
control both amplitude and the duration of shaking. A
parameter that incorporates the effects of both
parameters, i.e. a measure of seismic energy at the site,
is Arias intensity, I,. Kayen & Mitchell (1997) deri-
ved the following relationship applicable to alluvial
sites, which are the most susceptible to liquefaction:

logl,=M,-3.8-2logr 0.6 )

where I, is the Arial intensity at ground surface, M,, is
the moment magnitude, » is the hypocentral distance
(source-site), and 0.6] one standard deviation about
the mean (it is assumed that subtracting one standard
deviation is necessary for modeling an envelope).
Assuming a depth of 6 to 8 m to the middle of
liquefied layers, the Arias intensity depth-of-burial



reduction parameter, r,, is approximately 0.5 (Kayen
& Mitchell, 1997) and the Arias intensity at depth of
liquefaction is approximately I, = r, I, = 0.5 I,
Figure 4 is a graphical representation of this
approximate relationship.
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Figure 4. Estimated Arias intensity of some seismic events
known to induce liquefaction.

According to Kayen & Mitchell (1997) L, = 0.3 is
needed for liquefaction be induced in relatively loose
clean sand deposits (less than 5% fines) with an
average corrected blow count (N)g, = 8 and in a silty
sand deposit (35% fines content) with (N,), = 2. The
corresponding (N, ), threshold values are 22 and 15
for I;, = 1 and 26 and 19 for I, = 5. Evidence of
liquefaction of cohesive deposits was reported at
locations where 1, was of the order of 10; it is
concluded, therefore, that the seismic action required
to trigger liquefaction in the easiest liquefiable
cohesive deposits is comparable to that capable to
liquefy dense sandy deposits.

3.2 Correlation with Standard Penetration Test (SPT)
results

The main advantage of SPT in liquefaction evaluation
is that both SPT and liquefaction resistance are
affected in the same direction (increase or decrease) by
variation of relative density, soil fabric, deposit age,
K, OCR, seismic history. However, the increase in
fines content generally increases the resistance to
liquefaction but decreases SPT blow count. The same
effect, in opposite directions, has the plasticity index
when in excess of about 10.

The most widely accepted method of accounting
for the influence of fines on liquefiability is that by
Seed et al. (1985). The relationship between stress
ratio causing liquefaction and corrected SPT blow
count for 35% fines is a conservative value for any
cohesionless soil with fines content in excess of 35.
However, it may give too conservative or non-
conservative results when cohesive soils with low
plasticity are evaluated. Fortunately, SPT furnishes
also samples and anytime plasticity is observed
different criteria should be used in evaluation.
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3.3 Correlation with static Cone Penetration Test
(CPT) results

There are several empirical methods of liquefiability
evaluation using correlations with CPT results.
However, they were developed based on field
observations in sands and silty sands, so they should
not be applied to cohesive soils.

In order to determine the area of application of
these available procedures, electric cone penetration
tests and identification tests on samples from adjacent
borings have been performed in a liquefiable deposit
near Manhattan, Kansas. The results of tests are
presented in Figure 5.

Zone to apply sand

1000 1

Normalized Cone Resistance, Q
Q=ge(1-1.25 log pw') (daNicmicm)

0.1 1 10 100
Friction Ratio, F = (fu/qc}x100 (%)

Figure 5. Cone penetration parameters of sensitive soils (meeting
“Chinese criteria”) plotted with solid squares. (Q,-line after
Robertson, 1990.)

Materials meeting both the two conditions: Q < Q,
and Q = Q, should be considered vulnerable to
significant loss of strength due to earthquake shaking,
prabably meeting the Chinese criteria. Materials with:
Q = Q, or Q > QQ, can be evaluated using criteria for
sands and sandy soils. It should also not be forgotten
that the graph in Figure 5 was based on data from one
site only and may not be generalized.

3.4 Laboratory testing evidence

Unfortunately, the results of various studies are
affected by particular conditions and can not usually
be processed together or generalized. Sampling and
trimming methods for obtaining specimens considered
undisturbed, or procedures used to prepare remolded
samples may induce a big scatter in results, Very
rarely an author specifies if cyclic triaxial tests, for
example, were performed in compression/extension or
compression only, which dramatically affect the
results. Therefore, most of published results provide
only qualitative information on cohesive soil behavior
under cyclic loading.

Early tests by Lee & Fitton (1968) as well as other
numerous tests in the following 30 years showed
undoubtedly that the most easily liquefiable
cohesionless soils have some fines content. Qiu et al.
(1988) reported that cyclic strength decreased to a



lower bound value when the clay content of an
artificially prepared mixture reached about 9% and
increased thereafter. Ishihara (1985) showed that
although significant fines content generally increases
the resistance to liquefaction, it does not if the silt- or
clay-sized fines have low plasticity. Cyclic strength
ratio, CSR (defined for 3% double amplitude axial
strain in 20 cycles) was found not influenced by PI in
soils with PI < 5, but increasing as a strong function of
PI beyond this value and almost doubling at PI = 50
(Ishihara, 1993). Puri (1984} confirmed this trend
over the range PI = 10 to 20; he also observed that
cyclic axial strains sometimes greater than 10%
developed prior to 100% pore water pressure response.
This observation suggests that criteria based on cyclic
strain are more appropriate than initial liquefaction
index when the influence of fines content and/or their
plasticity is studied. Relative density, D,, is also a
parameter difficult to determine when the fines content
is large, so that correlations with void ratio, e, are
preferred when the influence of fines on CSR is
investigated.

Torsional simple shear tests were conducted in the
hollow cylinder testing device of the University of
Colorado in Denver (Chen, 1988) on remolded
samples using the moist compaction method. For
comparison, the test results were adjusted to D, = 50%
(e = 0.73) for clean sand specimens and to the same
post-consolidation void ratio for mixtures. CSR
dropped from 0.3 to 0.4 for clean sand to about 0.1
when up to 45% fines (fraction < 0.074 mm) where
added, of which 6 to 20% were clay, as shown in
Figure 6 (Koester, 1992b). On the other part, the post-
liquefaction shear strength increased dramatically with
the percentage of clay fraction.
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Figure 6. Results of cyclic torsional simple shear tests.

Koester (1992b) made a detailed description of the
results of about 500 stress-controlled cyclic triaxial
tests on isotopically consolidated specimens. Fines of
varying plasticity (PI = 4 to 40) were added to each of
three synthetically blended parent sands (medium
uniform, fine uniform, and well graded). All
specimens were prepared by moist compaction and
most of them had a void ratio approximately equal to

616

that of the parent sand at D, = 50%. The specimens
were prepared and tested at the University of Colorado
in Denver under a contract with the Waterways
Experiment Station of the Corps of Engineers. The
complete account of this program, as well as a syn-
thesis of cyclic triaxial test data from complimentary
research on gradation effects on cyclic strength of soil
was given by Chang (1990). The following
conclusions have been drawn from this study:

» The cyclic strength of the parent sand decreases
with addition of fines up to about 20 to 30% fines
content, indifferent of the proportion of clay;
thereafter, it starts to increase.

* Low plasticity index, of the order of 4, was
associated to the lowest values of the cyclic
strength; slight but continuous increase of the
strength was observed for PI = 10 and greater.

Unfortunately, the scatter of results was significant so

that reliable quantitative correlations between various

parameters could not be derived. However, when
groups of tests are considered independently, without
requiring normalization of some parameters, the
influence of fines becomes more evident. For
example, Figure 7 presents the results of tests on

mixtures of medium uniform sand with up to 60%

fines; only results obtained on specimens with

approximately the same void ratio (corresponding to
relative density of 50% of the parent sand) and

consolidated under the same chamber pressure (100

kPa) have been plotted.
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Figure 7. Results of cyclic triaxial tests on isotopically

consolidated specimens of medium uniform sand mixed with
varipus amounts of silt and clay fractions. Numbers show the
percentage of clay. The curve is average variation of CSR with
fines, indifferent of clay content.

From Figure 7 it is evident that the presence of
fines up to about 20% decreases the CSR; thereafter,
increasing fines content increases CSR. The influence
of the clay fraction is different when the fines content
is lower or higher than approximately 15%: at lower
fines content the presence of clay decreases CSR, with
the lowest value obtained when all fines were clay
particles; at higher percentages of fines the effect is
opposite, i.e. the lowest CSR was observed when no
clay particles were present.



Prakash et al. (1998) examined results of tests by
Hosri et al. (1984) on undisturbed samples of silts with
either zero clay content or between 22 and 40% clay
(< 5 pm). It was found that for this range of clay
fraction the resistance to liquefaction (defined by CSR
for initial liquefaction in 20 cycles) is clearly a
funection of the plasticity index (PI) if the results are
normalized for the same void ratio. It was observed
that CSR decreased slightly with an increasing Pl up
to about 5 and increased with increasing PI beyond
this critical value. the lowest CSR was measured on
a specimen with PI = 5, or a clay content (< 5 um) of
22%. Similar results were obtained when
reconstituted specimens of silt with PI ranging from
zero to 20% were tested in the cyclic triaxial.

Puri et al. (1996) tested in triaxial reconstituted
specimens with PI in the range 10 to 20; an increase of
CSR with increasing PI in this range was observed. It
was also observed that specimens having PI of 15 or
higher did not attain the state of initial liquefaction
(pore pressure equal to the initial effective confining
stress, or r, = 100%) although they experienced cyclic
axial strain in excess of 5%, or even 10%.

4 CONCLUSIONS

In general, cohesive soils appear to be much more
resistant to liquefaction than fine sands when their
states of denseness are similar, However, their
residual strength, near the end of the earthquake
shaking, may be significantly lower. Therefore, there
are two aspects of major interest with reference to
cohesive soil behavior under seismic action: (1) level
of seismic action capable to trigger significant loss of
strength and (2) residual strength mobilizable close to
the end of the seismic action. This paper discusses the
first aspect only.

Significant loss of strength in slightly cohesive soil
deposits occurred during strong earthquakes, in zones
with moderate shaking intensity, The characteristics
of these soils range within the limits of “Chinese
criteria”. Because of differences in definition and
testing procedures as compared with Chinese practice,
the recommended criteria to be considered when soil
parameters have been determined in accordance with
ASTM or similar standards are shown in Figure 2,

Liquefaction or similar behavior of cohesive soils
with low plasticity occurred in zones of moderate
seismic intensity but due to strong earthquakes.
Therefore, cohesive soils appear more dependent on
magnitude (and indirectly on duration of shaking, or
number of equivalent uniform cycles) than cohesion-
less soils. Based on case histories, liquefaction of
non-sensitive cohesive soils is not expected if the
earthquake Richter (local) magnitude is less than 7.2
or if the epicentral distance is greater than 160 km for
any magnitude (see Figure 3). Qualitatively, the
behavior during earthquakes of loose deposits of
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cohesive soils with low plasticity is similar to that of

dense sand deposits (see Figure 4).

The most reliable simplified method for evaluation
of liquefaction triggering in cohesionless soils is Seed
et al. (1985) procedure. The threshold line for 35%
fines can conservatively be used for evaluation of non-
plastic materials with higher fines content, but should
not be used for plastic (cohesive) soils (approximately
located in the hatched zone of Figure la). With
cohesive soils Chinese criteria should be used (see
Figure 2). Unfortunately these criteria do not include
dependence on earthquake parameters. The authors
suggest to consider non-liquefiable any cohesive soil
(PI > 4) if the design earthquake has a Richter (local)
magnitude less than 7.2 or the seismic source zone is
located farther than 160 km and if the deposit is not
already on the verge of collapse. It is noted also that
excess pore pressure (which may determine partial loss
of strength) can be transmitted into a non-liquefiable
layer if an adjacent cohesionless layer liquefies.

Liquefaction assessment based on CPT data is also
available for cohesionless soils. Figure 5 indicates the
domain where the criteria developed for cohesionless
soils are applicable and the boundary between
cohesive materials meeting or not the Chinese criteria,
for a particular site.

Laboratory tests are, theoretically, the best way to
assess liquefiability of soils meeting Chinese criteria
for specific earthquake parameters. Unfortunately, it
is so difficult to sample, to handle samples, and to test
such materials, that the results of testing are seldom
reliable. Therefore, judgement is usually the base of
liquefiability assessment for these soils. For either test
scheduling or judgement, the following observations
may be useful:

— Initial liquefaction is rarely observed in cohesive
soils although they may experience significant
deformation. It is recommended to define failure
based on the cyclic deformation level (e.g. 5 or
10% axial double amplitude deformation).

— The increase in fines content decreases the strength
against liquefaction down to a minimum when the
fines content is approximately 20%; thereafter the
strength increases with increasing fines content,
but slightly.

— The presence of clay fraction within fines has little
influence on liquefiability when the fines content
is low (less than 15%) and probably decreases the
soil strength against liquefaction. When the soil
contains 20% fines or more, increasing clay
content significantly increases the soil strength
against liquefaction.

— The most relevant parameter affecting liquefia-
bility of silty clays or clayey silts is the plasticity
of fines (both silt and clay fractions). The lowest
resistance to liquefaction was observed on soils
with PI = 4 to 5. Soils with PI > 14 may be
considered non-liquefiable.
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ABSTRACT: Fine-grained soils such as silts, silty sands, and clays have generally be considered nonliquifiable.
Recent studies have shown that fine-grained soils, especially silts, may be prone to liquefaction in certain situations,
This paper presents the results of an experimental investigation to determine the liquefaction behavior of a silty
soil using cyclic triaxial test equipment. Undisturbed and reconstituted specimens were used for this purpose. The
results of the study indicate that low plasticity specimens used in this test program were susceptible to failure by
large axial deformations even though liquefaction defined in terms of loss of initial effective confining pressure may

not occur.

1 INTRODUCTION

Liquefaction of saturated soils during earthquakes has
often been the primary cause of extensive damage to
property, environment, and loss of human life. During
the past three decades, major research efforts have
been devoted to the study of liquefaction behavior of
saturated cohesionless soils in the United States,
Canada, Japan, and India. Laboratory investigations to
study the important parameters influencing the pheno-
menon of liquefaction were conducted using the cyclic
triaxial equipment {Seed and Lee 1966), cyclic simple
shear equipment (Peacock and Seed 1968), and large
size shake table tests (DeAlba et al. 1975, Finn 1982,
Prakash 1981, and Silver and Seed 1971). Using the
results of these tests and the observed performance of
sand deposits during past earthquakes, procedures
were developed to assess the liquefaction potential of
saturated cohesionless soils (Seed 1976, 1979; Seed
and Idriss 1981; Seed et al. 1975, 1983; and Gupta and
Prakash 1984). The current research on liquefaction
behavior of cohesionless soil has progressed to a stage
where reasonable estimates of liquefaction potential of
such soils can be made based on laboratory investiga-
tions, or on simple in sifu characteristics such as
standard penetration resistance or cone penetration
resistance.

In contrast to cohesionless soils, the majority of
clayey soils do no liquefy. Clays and silts of low plasti-
city may, however, be prone to liquefaction if their
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characteristics meet the following criteria (Seed and
Idriss 1981 and Seed et al. 1983):

Percent finer than 0.005 mm < 15%

Liquid limit < 35%

Natural water content > (0.9)(liquid limit)
Liquefaction characteristics of soil falling in the above
category need to be ascertained by carefully-conducted
tests. Silty soil deposits at several locations in the
United States have their characteristics in the range
mentioned above. A limited number of tests were
undertaken to evaluate the liquefaction behavior of a
typical silty soil obtained from a selected location near
Memphis, Tennessee, USA.

2 LABORATORY TESTS

The index properties of the soil used for the tests are
given in Table 1. Cyclic triaxial tests were performed

Table 1. Index properties of the soil used for the
laboratory tests

Property Quantity
Passing No. 200 U.S. sieve 93-98%
Natural water content 18-26%
Liquid limit 32-36%
Plastic limit 21-25%
Plasticity index 9-14%

Clay content (finer than 2p)  2-7.2%

Dry unit weight 14.7-15.2 kN/m®




Table 2. Test parameters for cyclic strength studies of silty soil

Type of specimen Test parameters

Values of parameter

Undisturbed saturated Cyclic stress ratio, 6,/20,

Effective confining pressure, o,
Overconsolidation ratio, OCR

0.15, 0.20, 0.25, 0.30, 0.35, 0.40, 0.45, 0.50
69.0, 103.5, 138.0 kN/m?
1,2, 4 (g;at OCR of 1 = 103.5 kN/m?)

Reconstituted saturated  Cyclic stress ratio, 0,/2a,

Effective confining pressure, o,

Plasticity index, PT

0.15, 0.20, 0.25, 0.30, 0.35, 0.40, 0.45,0.50
103.5 kN/m?
10-20 (at 0, = 103.5 kN/m?)

Note: o, = initial effective confining pressure; o, = cyclic axial stress

on specimens having a diameter of 73.65 mm and a
height of 147.3 mm. Both undisturbed and recon-
stituted specimens were used. The range of parameters
for these tests is given in Table 2.

Samples for undisturbed tests were carefully ob-
tained from the site and transported to the laboratory
with minimum possible disturbance. Care was also
exercised in extracting the samples from the Shelby
tubes. Reconstructed specimens were prepared at the
same initial moisture content and unit weight as the un-
disturbed specimens. The plasticity index of the recon-
stituted specimens was altered by adding varying
amounts of the soil fraction finer than 2p.

Cyclic triaxial tests were conducted following
standard test procedures. Specimen saturation was
ensured by measuring the B coefficient to be equal to
0.985 or more prior to the application of cyclic load.
The tests were continued until the pore water pressure
became equal to the initial effective confining pressure
or until the axial strain became 20%.

3 TEST RESULTS FOR UNDISTURBED
SPECIMENS

Typical results of the cyclic stress ratio (0,/20,) versus
number of load cycles for developing pore water pres-
sure # = o, and axial strains of 5%, 10%, and 20% are
shown in Figure 1 (0; = 69 kN/m?). It can be seen from
this figure that the values of cyclic stress ratios causing
a state of initial liquefaction (» = o,) in 10, 20, and 30
cycles are 0.425, 0.37, and 0.31, respectively. The
cyclic stress ratios inducing 5% axial strain in 10, 20,
and 30 cycles are 0.31, 0.275, and 0.24, respectively,
and for inducing 10% axial strain in the same number
of cycles are 0.38, 0.335, and 0.29, respectively. The
failure defined by 5% or 10% axial strain in a given
number of cycles thus occurs at relatively smaller
values of cyclic stress ratio than those required to de-
velop a state of initial liquefaction (# = ;) in the same
number of loading cycles. This is in sharp contrast to

620

D 5% peak axial strain

B 10% peak axial strain

O u=0,

® 20% peak axial strain

05 9 T T T T r
S
S04 -
o)
£ 0.3 -
o
w
é 0.2} -
w
201 -
]
o 0 1 L 1 1 1
1 3 10 30 100 300 1000

Number of cycles

Figure 1. Cyclic stress ratio vs. number of cycles for
undisturbed saturated specimens (g, = 69 kN/m?)
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Figure 2. Cyclic stress ratio vs. number of cycles for
undisturbed saturated specimens (o, = 103.5 kN/m?)
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Figure 3. Cyclic stress ratio vs. number of cycles for
undisturbed saturated specimens (0,=138 kN/m?)
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Figure 4. Cyclic stress ratio vs. number of cycles for
reconstituted saturated specimens (0,=69 kN/m?)

the behavior of loose saturated sands where large
strains generally develop following the stage of initial
liquefaction. The same trend was observed during tests
on undisturbed specimens using initial effective con-
fining pressures of 103.5 and 138 kN/m” as shown in
Figures 2 and 3, respectively. The state of 20% axial
strain usually developed several cycles after the stage
of initial liquefaction,

4 TEST RESULTS FOR RECONSTITUTED
SPECIMENS

The data of cyclic stress ratic and number of cycles for
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Figure 5. Cyclic stress ratio vs. number of cycles for
reconstituted saturated specimens (0,=103.5 kN/m?)

O 5% peak axial strain

B 10% peak axial strain

O u=0,4

®_20% peak axial strain
,,0-5 T T T
o
o
%04 =4
o
g
® 03} -
w
€ 02| -
o PI=10
o =
= 0.1F i
s ®1I' ocR-1
O

0 1 1 1 | 1
1 3 10 30 100 300 1000
Number of cycles

Figure 6. Cyclic stress ratio vs. number of cycles for
reconstituted saturated specimens (0,=138 kN/m?)

the reconstituted saturated specimens using o, = 69,
103.5, and 138 kN/m? are plotted in Figs. 4, 5, and 6,
respectively. The general trend of the data for all tests
on reconstituted saturated specimens was similar to
that of undisturbed specimens. Following is a compari-
son of the behavior of undisturbed and reconstituted
specimens.

4.1 Cyclic strength of Undisturbed and
Reconstituted Specimens

The effect of specimen disturbance on the cyclic
strength of silts may be ascertained by comparing the
observed behavior of undisturbed and reconstituted
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Figure 7. Comparison of cyclic stress ratio vs.
number of cycles for undisturbed and reconstituted
saturated specimens (condition of initial liquefaction,
u=0,

specimens. Plots of the cyclic stress ratio versus num-
ber of cycles for # = o, condition for the undisturbed
and reconstituted specimens are shown in Figure 7.
The plots in Figure 7 represent the average for all test
specimens for the o, values used in these tests. It can
be seen from this figure that, for a given value of cyclic
stress ratio, the number of cycles inducing a condition
of initial liquefaction (¢ = o) is lower for reconstituted
specimens compared to those causing the same condi-
tion in the undisturbed test specimens. Alternately, for
a given number of stress cycles inducing the # = o,
condition, the cyclic stress ratio will be higher for
undisturbed speci-mens than for the reconstituted
specimens. This trend indicates that silts are sensitive
to disturbance. Thus reasonable estimates of cyclic
strength in such cases can be obtained from tests on
undisturbed specimens only.

4.2 Effect of Overconsolidation Ratio

A typical plot of cyclic stress versus number of cycles
for inducing # = o, condition for OCR = 1,2, and 4 for
the case of undisturbed specimens of silt used for this
study is shown in Figure 8. An increase in the OCR
value increases the cyclic strength in relation to buildup
of pore water pressure. Similar observations were made
regarding the deformation of the undisturbed speci-
mens under cyclic loads. Also, the effect of OCR on
cyclic strength behavior was similar for the cases of
undisturbed and reconstituted specimens. This suggests
the importance of stress history which should be simu-
lated as far as possible in evaluating the cyclic strength
of silty soils.

622

B OCR=1

® OCR=2
& A OCR=4
a 0.5 T T T T
3 u=0, condition
S04l 3 -
,@
w 0.3 5
w
ol
2921 P10 i
]
£.0.1 1 1 1 1 I
O 1 3 10 30 100 300 1000

Number of cycles

Figure 8. Cyclic stress ratio vs. number of cycles for
different OCR values—undisturbed saturated
specimens (0;=103.5 kN/m?)

0.5 T T T T
S04k -
"N;, 10 cycles
o
203 .
b 30 cycles
w
Lo2f -
w
L
]

S0k —
0,=103.5 kN/m?
OCR=1
0 1 1 1 1
0 10 20 25

Plasticity index, P/

Figure 9. Effect of plasticity index on cyclic
stress ratio inducing 5% peak axial strain in 10
and 30 cycles—reconstituted saturated
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4.3 Effect of Plasticity of Silt

The effect of increase in plasticity on liquefaction
behavior of this silty soil was investigated on recon-
stituted specimens only. The effect of plasticity index
on the cyclic stress ratio inducing 5% peak axial strain
in 10 and 30 cycles is shown in Figure 9. Increased
plasticity generally results in an increased cyclic
strength. It was observed during the course of this
investigation that, for soil specimens having a plasticity
index (PI) of 15% or more and for values of cyclic
stress ratios used in these tests, the state of # = a,
never developed. An increase in soil plasticity retards
the buildup of pore water pressure. However, the cyclic
axial strains may exceed 5% or 10% after application



of a certain number of stress pulses depending on the
characteristics of the soil being subjected to cyclic
loading,

5 CONCLUSIONS

Based on the results of limited tests conducted to in-
vestigate the liquefaction behavior of this silt, it was
observed that, as a results of application of cyclic
loads,

1. Pore water pressure builds up and may become
equal to the initial effective confining pressure and axial
deformations of 5%, 10%, or 20% may be induced in
the soil.

2. Failure defined by 5% and 10% peak axial strain
generally occurs earlier than the # = o, condition devel-
oped. The failure condition of 20% peak axial strain
usually developed after the # = o, condition.

3. Anincrease in the overconsolidation ratio results
in an increase in the cyclic strength of the silt. Time
history effects are thus important in liquefaction studies
of silty soils.
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