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Preface

This book provides a rational and up-to-date guide
for the design of structural steelwork connections,
combining scientific principles with practical ap-
plication in a single volume. It concentrates on two
themes. Firstly, having established an appropriate
simple method of analysis, it insists on the
consideration of all the components within the
connection. Thus all the elements of each load path
are checked, thereby ensuring that there can be no
weak links anywhere in the connection. Secondly, it
gives the background principles and reasons behind
all the design checks that are put forward. Only if
designers understand the underlying reasons can
they apply design rules with confidence and safety.

An introductory chapter develops and discusses
an overall philosophy for connection design, illus-
trating its application by some simple examples.
Chapters 2 to 9 provide the background information
necessary for informed design, covering welding,
bolts, and bolting, weld behaviour, bolt behaviour,
fatigue resistance of connections, other components
within the connection, analysis and practicalities of
construction. In all cases research and other
information has been summarised and presented in
a form that is of greatest use to the designer.
Chapters 10 to 16 give general descriptions of the
most commonly occurring types of connection and
detailed design examples that demonstrate the

application of the overall design approach and the
detailed information in the earlier part of the book.

Much of the material here had its origins in the
connections course which forms part of the MSc in
Structural Steel Design at Imperial College. It has
been refined by exposure to ten generations of
post-graduate students, who collectively have sever-
al hundred years’ of design experience. It has drawn
substantially on the working practices and experi-
ence of W.S. Atkins and Partners, a leading firm of
consultants with particular expertise in heavy
steelwork.

The book does not list detatled design sequences
for every kind of connection that commonly occurs.
That task requires a several volume text and is being
addressed by the SCI/BCSA Connections Group, on
which the first author serves. However, the authors
believe that this book, with its emphasis on the need
for completeness in design and its presentation of
the background reasons to design rules, is an
important contribution to the development of
improved detailed design methods for connections.
They also believe it will be of considerable use to
practising connection designers as they strive to
achieve simplicity, economy and safety. The princi-
ples and general methods put forward should enable
a designer to tackle any connection, irrespective of
scale and complexity, with confidence and safety.

Graham W. Owens
Brian D. Cheal
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1

Introduction: a rational basis for connection

design

1.1 Engineering uncertainty

Structural engineering can never be an exact science
and design philosophies should recognize and
accommodate this uncertainty. Even in a carefully
controlled laboratory experiment, perfect correla-
tion between behaviour and analysis will not be
achieved. In a practical structure the divergence
between behaviour and prediction is generally
greater. In addition to environment, the degree of
uncertainty also depends on the type of structure or
structural element.

Thus in a laboratory experiment on a steel beam
or column with well-defined boundary conditions
and known material properties a research worker
would feel disappointed if theoretical and ex-
perimental deflections and strains did not agree to
within 10%. Only in a situation of high imperfection
sensitivity would greater divergence be acceptable.
Even on complete structures, close agreement can
still be achieved with care. In a major experimental
study of multispan bridge behaviour’ the first author
achieved agreement to within 12% for deflections
and 20% for significant stresses. In a full-scale study
of industrial building structures? agreements were
within 16% on deflections and 11% on strength.

1.2 Uncertainties and complexities of
practical connection behaviour

Uncertainties in connection behaviour are frequent-
ly much greater, even in the laboratory. In a study of
short end-plate beam/column connections® measure-
ments were taken of the prying forces that the
design method predicted would develop between
the end-plate and the face of the column. In one

specimen no such forces developed — an error of
100%. This error was due to bad fit.

In some tests on beam splices with high-strength
friction-grip (HSFG) bolts and splice plates* the
relative movements of the web plates to the web
were carefully monitored. Figure 1.1 shows some
results of this study as well as the positions of the
two possible theoretical pairs of centres of rotation.
These relative movements are not just of academic
interest. As shown in Chapter 8, any analysis of a
bolt group under eccentric loading has to assume a
centre of rotation, either explicitly as in plastic
design or implicitly as in elastic analysis. The
position of this centre of rotation is a function of the
eccentricity of loading. Clearly, the conventional
design method for beam splices, which assumes that
the web splice is subject to a shear force with a given
eccentricity, cannot be modelling the true behaviour
of this connection, whichever method of analysis is
used. In practice, there must be a complex
interaction of moments and shears between flanges
and web as differing parts of the connection reach
their limiting capacity.

There are several reasons why connection be-
haviour is more uncertain and more complex than
that of other steel elements.

Geometric imperfections and lacks of fit

All steel components contain geometric imperfec-
tions and lacks of fit but the differing degree of
uncertainty between elements and connections is
mirrored in their varying degree of imperfection.
The significant imperfection in a beam or column is
a bow or twist with a maximum permitted amplitude
of length/1000. This should be contrasted with the
lack of fit permitted in a bolted connection using
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black bolts in clearance holes that is illustrated in
Figure 1.2.

In the former case the imperfection will produce a
secondary system of bending stresses which may, in
extreme circumstances, attain values of the same
order as the average stress. (These are, of course,
accounted for in the column strength curves, where
average stress decreases with increasing slender-
ness.) In the latter many of the bolts may not be
contributing to the load resistance of the connection
(for example, bolt 2 if the nearer plate is loaded to

the left) until other bolts have sustained deforma-
tions of up to 4mm (i.e. bolt 3). The influence of
this on behaviour can be seen in Figure 1.3.
Alternatively, the ‘eye-straight’ imperfections
that are acceptable for the steel elements may be
compared with the gaps that may exist between a
beam end plate and the face of the column to which
it is connected.’ Due to weld shrinkage, the end
plate is likely to be distorted from its ideal plane; as
anyone who has ever inspected site steelwork will
know, gaps are likely to exist over much cf the

Figure 1.2 Part of bolted connection showing hole misalignment
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nominal area of contact. (It was this welding
distortion that was responsible for the bad fit
described earlier.)

Residual stresses and strains

Almost all steelwork contains residual stresses, that
is, sets of self-equilibrating stresses that are locked
in during manufacture and fabrication. A stiffened
plate panel is likely to have compressive residual
stresses of 0.2 X o, and tensile residual stresses of
0,. A hot rolled section may have residual stresses of
0.3 X g, in compression and tension.® These two
situations correspond to elastic strain incompatibili-
ties of 0.15% and 0.08%, respectively. These figures
should be contrasted with the mechanical properties
that it has been found necessary to specify for the
Hyzed range of steels.” These steels may be
used in major welded connections with a high
degree of restraint in order to eliminate lamellar
tearing. The through-thickness properties of the
three grades of Hyzed steel have specified minimum
reductions of area of 25%, 15% and 10%,
corresponding to local strain capacities of approx-
imately 33%, 18% and 11%. These figures illustrate
the potential magnitude of the plastic strains in a
heavily welded connection. Their amplitude, and
that of the associated distortion, in a particular
situation depends on many factors, including con-
nection geometry, weld process and sequence of

fabrication. Despite considerable research effort, it
has not proved possible to predict their magnitude
accurately.®

Geometric complexity

It is axiomatic that there is greater geometric
complexity within a connection than along the
length of a structural member. This complexity has
two important influences on connection behaviour.
First, it causes considerable elastic stress concentra-
tions within the connection; Figure 1.4 presents
stress concentration factors (s.c.f.) for two standard
situations.® Thus any bolted connection must have a
s.c.f. of more than 2.2 and any connection with a
sharp discontinuity (it is difficult to think of one that
does not have such complexity) will have one of
more than 3. Two important points should be noted
in relation to stress concentration factors in connec-
tions:

1. The figures presented above are macroscopic
s.c.f.: much greater microscopic s.c.f. will exist in
the presence of any local weld defects or other
surface irregularities.

. Stress concentration factors of much larger
magnitude (up to 20) exist in welded tubular
connections.

The second effect of geometric complexity on
connection behaviour is that simple theories do not
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predict accurately the distribution of stress within
the connection. For example, gusset plates and
stiffeners have such proportions that, when subject
to bending moments, plane sections do not remain
plane and engineers’ simple bending theory gives a
poor estimate of maximum stresses. Figure 1.5

Top of beam

To 5.81 \
\

€ross section

Positiona—hﬂjgh be

OX/GS
3.0 2.0 10 10
Compression Tension
(a)
c
2
°
2\
2
o
G Simple
£ theory
2
el
s\
[=2]
=3
e l
=
< \
.0
% ) i
o

Y
H

0, IS maximum stress

by simple theory

7’xy/ns

0.5 1.0
{b)

Figure 1.5 Elastic stress distribution in a deep beam with
depth/span ratio of 1.0. (a) 0,/0, at centreline; (b) t,,/0; at
span/8 from centrcline
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deep beam with the Proportions that can occur in a
connection element.'®




1.3 Shortcomings of traditional
methods of analysis

The derivation of traditional methods of analysis is
presented in Chapter 8. However, it is appropriate
to examine critically some of the underlying
assumptions in the search for a rational design
philosophy.

In general, the connected parts are considered to
be rigid, that is, their deformations may be ignored
when compared with those of the connectors
themselves. Figure 1.6° shows an example where
this is manifestly not correct. In such connections it
is clear that the deformations of the plates are
greater than those of the connectors themselves and
must have a significant influence on the distribution
of the connector forces.

The other set of assumptions underlying tradition-
al analytical methods relates to connector response.
The most common assumption is that connectors
behave in a linear-elastic manner, although rigid-
plastic methods are becoming increasingly popular.

Figure 1.7 shows the range of responses that are
possible with the most common type of bolt, the
untorqued bolt loaded in shear. Because of the
uncertainty of alignment of the holes with their
2mm clearance on the bolt diameter there is the
possibility of up to approximately 4mm of move-
ment at low load before the bolt is bearing against
the side of the hole, hence the variation in initial
response. As failure is approached the connector
exhibits only limited ductility because high strains
are very localized. Any method of analysis which
represents this behaviour by either a linear or a
bilinear response can clearly only be regarded as an
approximate model of true behaviour.

1.3 Shortcomings of traditional methods of analysis 5

Figure 1.6 Short end-plate connection for an [-beam where
yielding of beam web has permitted overall bending of end
plate

Figure 1.8 shows the response of a single HSFG
bolt connection to shear loading.!! Prior to slip there
is very little connector deformation and so, in a

100
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80
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Bolt in bearing

[., Load taken in friction

T

05 10 15 20 25

Slip displacement (mm)

Figure 1.8 Load/deformation response of a single 20 mm
diameter general grade HSFG bolt in double shcar

multibolt connection, it is the deformation of the
connected parts that has the predominant influence
on the distribution of connector loads. The magni-
tude of the slip is governed by the alignment of the
clearance holes and the post-slip behaviour is similar
to the latter stages of that of the untorqued bolt

8 =0 End fillet

9=30°
5001

400

3004

200

connection. In a connection with such bolts an
elastic analysis that only considers the flexibility of
the bolts can only achieve limited accuracy if the
connected parts are relatively flexible. Plastic
analysis should give a reasonable estimate of overall
slip load, at least for compact connections — this is
probably where theory and behaviour are in closest
agreement. (However, even here agreement is not
always good in practice; in symmetric connections
plastic analysis tends to overestimate slip capacity
because dynamic friction is less than static friction
and an ‘adjusting’ slip can trigger a major slip.
Under eccentric load even plastic methods tend to
underestimate capacity for reasons that are discus-
sed in Chapter 8.)

Figure 1.9 describes the behaviour of fillet welds
under varying directions of loading.!? There is a
substantial variation in both strength and stiffness
with the direction of the loading vector. End fillets
are both stiffer and stronger than side fillets.
However, the former have considerably less ductil-
ity than the latter — end-fillet welds will rupture at
less than 1 mm of local deformation. Both types of
weld show a relatively early departure from linearity
because of both the high stress concentration at the
root of the weld and the presence of high residual
stresses. Once again, complexity of behaviour calls
into question the accuracy of our methods of
analysis. Elastic analysis based on a single value of
weld stiffness cannot be accurate; the limited
ductility of the weld prevents the use of simple
plastic analysis.
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Ouit wela = 565 N/mm

Figure 1.9 Load/de-
formation responses
for 8 mm leg fillet
welds at varying
angles 0 to load vec-
tor. Weld length 50
mm; plate thickness
19 mm
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1.4 An appropriate design philosophy
for connections

Any rational design philosophy has to take account
of both the complexity and variability of practical
connection behaviour. It is the uncertainty that
presents the greater difficulty. If connection be-
haviour was merely complex it would be possible for
designers to make a suitable choice for a particular
situation. Detailed analysis could be used that took
account of the complexity, thus permitting economic
design with small load factors. Alternatively, simple
analysis could be used in conjunction with higher
load factors to account for possible variations
between analysis and behaviour. Because of the
variability of behaviour the first alternative cannot
lead to economic and safe design. However refined
the analysis, it would not be appropriate to reduce
the load factors significantly.

The following design philosophy, based on simple
analysis, would seem to be the most appropriate way
of dealing with the problem. This approach has been
developed over many years, based on the authors’
experience of connection design and research into
connection behaviour. It has been tested on
successive generations of postgraduate students,
many of whom themselves had substantial design
experience. As put forward here in its most general
form it is widely applicable. The only connections
that have been found to be outside its scope are
certain classes of tubular connections that present
particular difficulty.

It should not, of course, be regarded as some sort
of panacea for all the designer’s problems. It cannot
ensure that an inexperienced designer can im-
mediately tackle any connection and produce an
economical and satisfactory solution. Nor can it
eliminate a proper consideration of the complexities
of certain classes of connection. However, it should
provide an overall framework within which the art
of successful connection design can be developed,
and it should enable the designer who is experienced
in one class of connections to translate that expertise
to some other structural form with greater confi-
dence and certainty.

The method is presented below and its application
in outline is demonstrated in the following section.
Its detailed application requires an understanding of
the connector and element behaviour, and this is
presented in Chapters 2-7. Chapters 10-16 demons-
trate its detailed application to the more common
classes of connection.

1. Taking account of overall connection behaviour,
carry out an appropriate simple analysis to determine
a realistic distribution of forces within the connection.

For many connections this analysis should be based
on the concept of ‘force paths’. Here the overall

1.4 An approprate design philosophy for connections 7

loads acting on the connection are replaced by
equivalent systems of forces which can then be
assigned specific paths through the connection. In
carrying out this analysis take account of:

1. The distribution of forces in the elements to be
connected. For example, if the connection
involves a beam carrying shear and moment,
then remote from the connection the shear will
be concentrated in the beam web and the flanges
will carry most of the moment. In many instances
this will be a satisfactory basis for the analysis of
the forces within the connection. Indeed, it is a
common simplifying assumption that the flanges
carry all the moment; this is quite satisfactory
provided it does not lead to an overstress in the
flanges.

2. The flexibility of the components of the connec-
tion. It is the most flexible components that will
govern the distribution of forces. For example, in
an end-plate connection, if the bolts are of small
diameter and the end plate is thick, it is the bolt
flexibility that will govern the distribution of
forces — as is indicated by conventional analysis.
However, if the bolts are stiff compared to the
end plates it is the flexural action of the latter
that will primarily govern the distribution of
forces in the connection, including the distribu-
tion of forces in the bolts.

It follows from the above that the conventional
methods of analysis may be used in the context of
this overall philosophy. They are most appropriate
when the dominant flexibility is that of the
connectors themselves.

It is most important to ensure that the analysis is
consistent throughout the connection. In general,
this is achieved by carrying out a single analysis of
the most critical part of the connection and using
that to determine the distribution of forces in other
parts of the connection. Surprisingly, it is not
uncommon to see designs where serious inconsisten-
cies in analysis have occurred. These most common-
ly arise when more than one analysis has been used
to determine the distribution of forces. For exam-
ple, in the end-plate bracket connection shown in
Figure 1.10 it would not be correct to use separate
conventional analyses to determine both the dis-
tribution of forces in the bolts and in the weld
attaching the end plate to the beam. Such separate
analyses would assign different proportions of the
tensile and compressive forces to different levels in
the beam and imply instantaneous redistributions of
these forces at the plane of contact between the weld
and the end plate, as shown in Figure 1.10(c).

2. Ensure that each component of each force path
has sufficient strength to transmit the required force.
This is self-evident, and yet it is surprising how
frequently designers leave a weak link somewhere in
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a connection. A major disadvantage of traditional
methods of analysis is that they concentrate on the
distribution of forces in the connectors. Many codes
of practice only give guidance on connector
strength. Unwary or inexperienced designers are
thus beguiled into thinking that, provided they have
checked the bolts and/or welds, the connection is
satisfactory. In reality, more design effort has
frequently to be devoted to the other components
than to the connectors themselves.

The only way to be certain that a design is
satisfactory is for designers to have a clear
understanding of how they wish the connection to
behave and for them to ensure that all the
components and critical sections have the capacity
for this mode of behaviour.

3. Recognizing that the above procedure can only
give a connection where equilibrium is capable of
being achieved but where compatibility is unlikely to
be satisfied, ensure that the components are capable
of ductile behaviour.

This may be expressed alternatively as follows.
Steps 1 and 2 have ensured that there is a reasonable
way in which the connection can behave and hence
have adequate strength. Ductility must now be
ensured so that it will attain this condition without
any premature rupture or buckling.

The incompatibilities may arise either from
simplifications of the analysis or because of some
lack of fit; their cause is not important. However,
because of their possible presence, it is essential that

the connection is capable of sufficiently ductile
behaviour for plastic deformation to remove them
prior to failure. Provided that this precaution is
taken, even if it has not been possible to predict
elastic response accurately, the connection will
redistribute forces until it is acting in the way that
was assumed in design. Fortunately, it is usually a
straightforward matter to ensure that the compo-
nents can achieve the necessary ductility.

4. Recognizing that the preceding steps only relate to
static ultimate capacity, ensure that the connection
will achieve satisfactory serviceability, fatigue resist-
ance, etc.

For connections in buildings that have been
designed by conventional elastic approaches this
step may generally be omitted. However, in the
following cases further calculations will be neces-
sary:

1. Where either overall analysis or individual
component design has been based on simple
rigid-plastic methods (for example, using yield
line analysis for an end plate — see Chapter 7) it
will be necessary to ensure that only limited
plastic deformation has taken place at working-
load levels.

2. Where the connection is subject to significant
repeated loading, a separate assessment of
fatigue resistance should be carried out. This can
create considerable difficulties because it re-
quires both detailed consideration of the elastic
response of the connection and an evaluation of
important stress concentration factors. In ex-
treme circumstances (for example, the tubular
connections referred to previously) design for
fatigue resistance should govern the overall
design procedure and the sequence outlined
above should be reversed. In less extreme
circumstances (for example, cross-girder connec-
tions in bridges) static strength should still govern
overall design but the connection layout should
be arranged to minimize stress concentrations
because of the importance of fatigue considera-
tions.

1.5 Application of the design
philosophy

Most connection design is very straightforward and
satisfies the preceding criteria by implication rather
than by specific calculation. For example, conven-
tional design of the simple beam-to-column connec-
tion shown in Figure 1.11(a) is carried out in a few
lines of calculation (or by means of design tables) as
a designer/detailer determines the number of bolts
necessary to resist the eccentric load shown on the
basis of their shear and bearing capacity. Here the
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Figure 1.11 ‘Simple’ beam-to-column and beam-to-beam
connections. (a) Conventional beam-to-column connection
with double-web cleat; (b) beam-to-beam grillage connec-
tion with double-web cleats; (c) single-web cleat connec-
tion

simple analysis is based on the assumption that the
eccentricities between the lines of bolts A and A’
may be discounted because of symmetry in a
connection of normal proportions with two web
cleats. Experience indicates that the only critical
checks are the bolts in shear and the cleats and beam
web in bearing. Other ‘weak links’ are likely be
designed out by minimum pitch criteria and practical
edge distance requirements. Experience has also
indicated that such connections have sufficient
ductility to accommodate both lack of fit within the
connection and the beam end rotation as it takes up
its deflected profile.

If all connection design were as straightforward
there would be little point in the explicit procedure
presented in the preceding section. However, it is
only necessary to vary some details in this simple
example to illustrate the importance of a sound
appreciation of connection design. Figure 1.11(b)
shows the beam end detail that results if the top
flange has to be notched to accommodate a flange in
the supporting beam. Line BCD becomes a very
important critical section to be checked in shear and
tension. If a single short web cleat were to be used,
as shown in Figure 1.11(c), the same local moments
that were reasonably ignored in the double-cleat
connection may at least cause unserviceability as the
beam twists and could lead to an unacceptable
reduction in strength. Similarly, the same simple
approach to analysis could lead to an unacceptable
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reduction in strength if a fillet welded beam end
connection were used, because of lack of ductility in
the weld.

The direct use of the design philosophy outlined
in the previous section is well demonstrated on a
beam splice with HSFG bolts. Figure 1.12(a) shows
the straightforward set of forces that can replace the
applied moment and shear. (This simplification with
its implied redistribution is only applicable for
building structures. In bridges such redistribution is
not usually permitted, primarily because of general
concern over fatigue.) Figure 1.12(b) enumerates
the checks that have to be carried out to ensure that
there are no weak links within the connections, and
these checks are as follows:

1. The capacity of the flange to resist the tensile
force. The critical section is the vertical net
section through the first line of holes, in tension,
together with the horizontal web/flange intersec-
tion in shear. In addition, the effective section of
the flange through the first line of holes should be
checked under the flange stress resultant, with-
out any redistribution of bending moment to the
flanges. The effective section is defined as the net
area times a coefficient greater than unity which
recognizes that nominal stresses slightly above
yield may occur on a net section without
detriment;
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Figure 1.12 Analysis and strength assessment of beam
splice. (a) Conversion of applied loading to equivalent
system of forces; (b) strength checks required to demon-
strate adequacy of connection
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2. The frictional capacity of the HSFG bolts;

3. The net sections of the splice plates, assuming
that the force T is equally divided between the
pair of cover plates.

Note that because of the symmetry of the
connection these checks also demonstrate the
adequacy of most of the compressive flange splice.
The only additional checks are:

4. The compressive capacity of the splice plates,
free to buckle vertically (this is satisfied by
maximum pitch criteria);

5. The frictional capacity of each web bolt group
under a load Q at an eccentricity e;

6. and 7. The capacity of the net section of the web
and splice plates. (These are most unlikely to be
critical unless the shear is a very high proportion
of the beam capacity.)

Figure 1.13 shows the application of the design
philosophy to an exterior beam-to-column connec-
tion subject to moment and shear, one of the most
complex connections that commonly occurs in
practice. (A fuller discussion of this connection is
presented in Chapter 12; some aspects of behaviour
are simplified here in order not to confuse this
general example.)

Figure 1.13(a) shows the analytical procedure that
is appropriate for this connection for values of the
factored applied moment up to approximately 70%
of the plastic moment capacity of the beam. Above
that value it will be necessary to mobilize some of
the bending capacity of the web in order not to
overstress the flanges.

Remote from the connection, the beam and
column flanges will be making the greatest contribu-
tion to the moment resistance of the respective
members and the beam shear will be concentrated
primarily in the web. These distributions are used as
the basis of the simple analysis. Thus the forces
within the connection transmitting the bending
moments are given by:

M M
F,b=— and F,=—
db 2dc
where dy, and d. are the distance between flange
centroids of the beam and column, respectively. The
shear P is assumed to remain in the web. An
alternative analysis could be based on some notional
centre of rotation at the end-plate/column face
contact surface and an assumed linear response of
the bolts, in accordance with traditional elastic
analysis. This method is not used here because it
requires more computation and is unlikely to give
greater accuracy for the reasons outlined in Section
1.3.

The next step is to trace the paths of these forces
through the connection. The bending forces F,, and
F, may be considered to continue on their original

(b}

Figure 1.13 Analysis and strength assessment of an exterior
beam-to-column connection

lines of action until they reach the panel ABCD,
whose corners are defined by the intersections of
these lines of action, and thus has dimensions d, %
dy. Overall equilibrium of these forces is achieved
by shear on this panel. The shear flow on AB and
CD is thus F/d. = M/d,.d.. The vertical (com-
plementary) shear flow is 2F/d,, = M/d..d,. The
beam shear is simply transferred straight through to
the near column flange and hence down the column.
It is customary to ignore the eccentricity between
the column face and the column centreline. This
leads to an apparent lack of equilibrium, which
arises because, in the earlier calculation of bending
forces, the applied moment M is taken as the value




at the intersection of the column and beam
centrelines rather the value at the column face.
(Precisely minded readers who find this unaccept-
able are invited to base F;, on this latter moment and
take separate account of the moment arising from
the eccentricity of the shear force path! The
resultant overall loading on panel ABCD will then
be the same as that arising from the simpler analysis
given above.)

It is now possible to check the elements on the
various force paths. Thus, starting with the path of
the tensile force F, in the top flange of the beam and
tracing it through to the panel ABCD, it is necessary
to check:

1. The tension capacity of the flange adjacent to
the connection. The effective width of the
flange may be limited by the bolt layout;

2. The welds attaching the beam flange to the end
plate;

3. The end plate in flexure as it disperses F;, into
the bolts; ’

4. The bolts in tension. Account should be taken
of prying action as appropriate;

5. The column flange in flexure as it transfers the
boit loads into the column web. If this is
inadequate, extra capacity may be obtained by
providing a stiffener along AB. In extreme cases
the column flange may stil} be inadequate with a
stiffener;

6. The tensile capacity of the effective length of
the column web. If this is inadequate a stiffener
has to be provided;

7. The tensile capacity of stiffener AB if this has
been provided to satisfy either 5 or 6;

8. The welds connecting the column flange to the
stiffener, in tension;

9. The welds connecting the column web to the
stiffener, in shear.

The detailed check is then continued by examin-
ing the path of the compressive force F,, from the
beam bottom flange into the bottom of panel
ABCD:

10. The compressive capacity of the beam flange.
This is affected, in the absence of stiffener CD,
by the stress concentration caused by the
column web. If the flange is overstressed, a
stiffener should be provided;

11. The flange/end-plate welds;

12. Local crushing of the column web. If there is an
overstress a stiffener should be provided;

13. Buckling of the column web. If there is an
overstress a stiffener should be provided;

14. The compressive capacity of stiffener CD, if this
has been provided to satisfy any of 10, 12 or 13;

15. The stiffener/column flange welds, in com-
pression;

16. The stiffener/column web welds, in shear.
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Finally, to complete the force paths associated with
the moments:

17. Panel ABCD in shear. If this is inadequate a
diagonal stiffener should be provided along
AD. Both this stiffener and its welds should be
checked in accordance with 14-16 above.

The shear force path requires less attention for
this particular connection. It is only necessary to
check:

18. The beam web/end-plate welds in shear;
19. The end plate in shear and bearing;

20. The bolts in shear;

21. The column flange in bearing.

The design procedure is presented as a straight-
forward sequence. In practice, there may be an
interaction between sections; for example, if a
stiffener has to be provided along AD one will not
generally be necessary along CD. This change in
geometry will affect the force paths and should be
acknowledged by a modification to the overall
analysis.

When carrying out these detailed checks it is
important to keep in mind the third part of this
design procedure, namely that the components of
the connection should be ductile. For this connec-
tion this means complying with certain criteria for
stiffener proportions, minimum weld sizes and
bolt/end-plate thickness ratios.

This example looks very daunting; apparently
twenty-one separate calculations have to be carried
out! However, it should be appreciated that many of
the checks are very straightforward and may either
be satisfied by inspection or by very simple
calculation. Experienced designers will recognize
that for a connection of conventional proportions,
only checks 3, 4, 5, 13, 17 and 20 require significant
computation. Checks 1, 6, 7, 10, 11, 12 and 14 can
be dealt with by a single line of calculation; the
remainder are either governed by ductility criteria
or can be satisfied by inspection. However, the
principle of considering each link in the chain
explicitly would seem to be a very sound discipline
for all connections. It is certainly essential for
connections of unusual proportions.
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Basic welding technology

2.1 Scope

A full coverage of the topics covered in this chapter
is inappropriate in a general book on connection
design; the presentation is therefore limited to those
aspects that are of greatest importance to the
designer. A bibliography is provided at the end of
the chapter for the reader who wishes to pursue a
topic in greater detail, and a list of books is given for
each of the main headings of the text. The order
within each list indicates the relative standard of the
references; more general and elementary texts are
listed first, followed by more advanced ones.

2.2 Welding processes in structural
engineering
2.2.1 General

Most electrical fusion welding processes have
several features in common:

1. The electrode and workpiece are connected to
opposite sides of the power supply; an arc is
struck between the electrode and the workpiece,
releasing heat energy.

2. This heat energy melts the surface of the
workpiece, the tip of the electrode if it is
consumable and any flux that may be used. The
metallic components of these molten elements
form a weld pool which is held together by
electromagnetic and surface tension forces.

3. The edges of this molten weld pool are on the
point of solidification. As the electrode is moved
it draws the arc centre and weld pool with it.
Semi-solid metal on the boundary of the weld
pool remains behind, fusing with the parent
metal and forming a weld bead. The rate of

build-up of metal (the deposition rate) is mea-
sured in g/min.

4. The arc, weld pool and hot weld bead must be
protected from the atmosphere to prevent
oxidation of the weld metal. In some processes
this is achieved by providing an inert gaseous
atmosphere; in others a flux is used, and this is a
mixture of compounds that has to fulfil several
functions. When heated, parts of it form a
gaseous envelope to protect the arc and weld
pool; some parts may be drawn into the weld
pool to provide necessary alloying additions and
the remainder of the melted components will
form a slag over the deposited weld bead. This
serves both to protect the bead and control its
shape.

A wide variety of fluxes is available, and the most
common types are briefly described in a later
section.

2.2.2 Manual metal arc (MMA) welding

In this process, shown in Figure 2.1, the electrode is
hand held and fed by hand into the weld pool. No
shielding gas is used but a flux is incorporated as a
coating to the electrode. This is probably still the
most common process in structural fabrication. It is
certainly the most flexible, as it can be used in all
welding positions and the hand-held electrode can
be manipulated in many situations where other
processes could not be used. In addition, there is no
time-consuming initial set-up process.

Quality of welding is closely related to operator
skill. A good ‘stick’ welder has both a sound
understanding of the process and a high level of
manipulative skill. Because good welders command
high rates of pay and deposition rates are relatively

13
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Figure 2.1 Schematic representation of manual metal arc
welding

low this can be an expensive process. It was
traditionally regarded as the method that was
capable of producing the highest quality welds, but
this reputation is now threatened by recent advances
in more efficient processes.

Typical electrode diameters for structural work
vary between 2.5 and 6 mm. Open-circuit voltages
are usually 50-90V, depending on electrode; as
soon as the arc is struck the voltage falls to between
20 and 35V. Typical currents range from 50 to 400
amps, deposition rates from 20 to 100 g/min.

2.2.3 Automatic welding with continuous
coated electrodes

This is the automatic equivalent of MMA welding;
both electrodes have similar cross-sections. How-
ever, instead of being hand held, the electrode in
this process is mounted on a drum and incorporated
into a continuous feed system in an automatic
welding plant. To prevent the flux from breaking
away from the electrode ‘spin’ wires are helically
wound around the outside of the flux. These fulfil
the additional role of acting as the electrode to
transmit the current to the weld arc. The central
wire is thus not energized, since it is insulated by the
flux.

2.2.4 Gas-shielded welding

This is sometimes called metal active gas (MAG),
CO; or metal inert gas (MIG), although the last
term is properly only applied to welding where the
shielding gas is argon or helium (these gases are
used for non-ferrous metals.)

In this process the bare electrode, welding arc and
weld pool are protected only by the gas shield; there
is generally no flux. A flexible hose supplies the
welding gun, shown in Figure 2.2, with electrode
wire from a drum, shielding gas and electric current,
all these consumables being automatically control-
led. The shielding gas is usually carbon dioxide,

sometimes with a small addition of argon, for carbon
and carbon/manganese steels; it emerges from an
annular opening directly around the electrode.

A common variation of this method is to use
flux-cored wire* where the electrode wire has a
tubular cross-section and surrounds a central core of
flux. The flux contains arc stabilizers, deoxidants
and alloying elements. Sometimes it also has
constituents that emit carbon dioxide, in which case
it is possible to omit the shielding gas. Such
processes are particularly suitable for site use
because they are less susceptible to wind, although
protection should still be provided.

The mode of metal transfer from electrode to
weld pool varies with welding current. At low
currents the electrode will dip into the weld pool
causing an intermittent short circuit and consequent
melting of the wire tip; this is called dip transfer. At
higher currents the arc is continuous and the plasma
stream from electrode to workpiece transfers a spray
of molten metal; this is called spray transfer.
Recently, pulsed current welding plant has been
developed which controls molten metal transfer
more closely, one or two metal droplets being
transferred with each pulse of high current.

When the gas-shielded welding gun is hand held
the method is considered to be semi-automatic,
because although the welding consumables are
automatically controlled, manipulative skill is still
required. However, the method is readily incorpo-
rated into fully automatic processes. Its particular
advantage as an automatic process is that it can be
used for many types of positional welding, and it is
finding increasing application in production en-
gineering with robotic systems.

In its early development this process had only a
mediocre reputation for quality. Weld appearance
was not good, with a lot of spatter; because the
process was semi-automatic it was assumed that

Electrode wire from
automatically driven

supply drum Contact/guide tube

Nozzle
Weld pool-.

Shielding gas Completed weld
=

Arc

Penetration % -, Heat-affected zone (HAZ)

Figure 2.2 Schematic representation of gas-shielded
welding



operator skill was less important than with tradition-
al manual metal arc welding. However, with skilled
operators and modern plant, particularly those with
pulsed current, weld quality should be comparable
with MMA. Deposition rates are certainly higher,
leading to greater economy, and this process is
growing in popularity. For example, in the fabrica-
tion of offshore structures, in 1970 all site welding
was by MMA but by 1986 the use of gas-shielded
welding had risen to approximately 50% of this
high-quality work.

Typical electrode diameters for structural work
vary between 0.75 and 2.00mm. Welding voltages
vary between 20 and 30 V. Typical currents are from
50 to 200 A for dip transfer and 150 to 500 A for
spray transfer. Deposition rates can be as high as
150 g/min for downhand welding with spray transfer.
Because the process is essentially continuous, duty
cycles are generally significantly higher than for
MMA welding.

2.2.5 Submerged arc welding

In this process the arc is entirely submerged in a
granular flux. Because of this, high currents can be
used without danger of air entrainment or spatter.
Figure 2.3 shows a diagrammatic representation of a
simple, single-wire, submerged arc welding process.

Deposition rates for this process are considerably
higher than for either MMA or CO; welding. They
can be increased still further by using two- or
three-electrode wires for the same weld pool,
sometimes with a further ‘hot wire’ addition. This is
a wire which is not electrically charged but is heated
and introduced into the weld pool independently of
the electrode wires.

From flux
hopper Automaticalty f
y fed
M™~3 bare wire

l

Contact /quide tube

Unfused surplus flux

RS i

[ Penetration

Weld pool

B _.Heat-af‘fectgd zone (HAZ)

»-’.':1,“. A

Figure 2.3 Schematic representation of submerged arc
welding
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The process is normally incorporated into some
fully automatic system where either the workpiece is
moved, as in the circumferential welding of pipes, or
the welding plant is mounted on a tractor unit, as in
butt welding between flat plates.

A recent development of this process is the use of
narrow-gap submerged arc welding.’ This is only
suitable for situations where there can be tight
process control during preparation, machining and
welding. However, in those circumstances it can
achieve considerable economies on thicker materials
(say, above 70 mm).

The weld quality can be extremely high because
there is no longer any reliance on manipulative skill.
Weld appearance is good, partly because of the
automatic nature of the process and partly because
of the smoothing and containing nature of the fused
slag. The high current also produces greater
penetration than other processes, in a consistent
manner which can be recognized in design. The two
principal disadvantages of the process are that first,
because of the granular flux, it can only be used in
the flat and horizontal/vertical positions; and
second, at very high deposition rates, weld metals of
low toughness may be produced because the
associated low cooling rates lead to a large-grained
microstructure. However, post-weld heat treat-
ments can alleviate this second disadvantage.

Typical electrode diameters for structural work
vary between 2 and 5mm. Welding voltages vary
between 30 and 40V. Currents for single-wire
welding can be as high as 1200 A. Deposition rates
for single-wire welding can reach 300 g/min and five
times that value for sophisticated multiwire sets.

2.2.6 Electroslag welding

This automatic process is only used for the butt
welding of thick plates that are in the vertical or
nearly vertical position. As shown in Figure 2.4, the
plates are simply positioned with a gap of around
30mm between them; no special weld preparation is
required and the plates are cut square.

A very large weld pool is created, contained on
two sides by the plates being welded and on the
other sides by water-cooled copper shoes. One or
more electrodes are fed automatically from the top
of the joint into the weld pool. The flux is
conductive in its molten state; once it has melted,
the process ceases strictly to be an arc welding
process. The arc is extinguished and the heat input
arises from electrical resistance through the elec-
trode and the conductive slag.

Originally the electrode guides were linked to the
copper shoes and the entire unit made to climb as
the weld pool rose. Consumable guides have now
been developed that do not move and are permitted
to melt away as the weld pool rises; this has
considerably simplified the process mechanization.
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Because of the high heat input and large weld
volume, cooling rates are low. A coarse-grained
microstructure with poor fracture toughness is
generally produced which may require post-weld
heat treatment.

2.3 Welding fluxes and electrode
classification

Fluxes have to be used for manual metal arc,
submerged arc, flux cored wire and electroslag
welding. Their compositions and functions vary
considerably from process to process, but it is
possible to categorize their constituents in the
following way:

1. Gas formers that decompose to provide shield-
ing gases when heated. Carbonates produce
CO,, fluorides develop fluoride shielding and
organic materials produce hydrocarbons and
COy;

2. Slag formers that produce the slag crust which
protects the weld metal after solidification.
These include calcium and manganese carbon-
ates, titanium, silicon, manganese and iron
oxides, silicates and clays;

3. Arc initiators and stabilizers — these are either
metallic, such as powdered nickel or iron, or
elements producing sodium and potassium ions,
such as feldspar and clay;

4. Fluxing agents — these decrease impurities in the
weld, and they are usually carbonates or oxides;

L

Section BB

5. Deoxidizers — reducing agents such as ferro-
silicon, ferromanganese and iron powder are
added to reduce the oxygen in the weld pool;

6. Minerals controlling physical properties of the
flux — these influence bead profile and slag
detachability, and include many of the oxides
and fluorides required for other functions;

7. Metallic additions — iron powder and ferroalloys
can be added to improve the deposition rate;

8. Binders such as mica, sodium silicate and
organic binders are added to improve the flux
strength.

It is also possible to categorize fluxes according to
the principal properties of their main constituents.
Part of this classification relates to the basicity of the
oxide constituents. (In order of increasing basicity,
from the most acidic, the common oxides are SiO,,
Al O3, TiO,, Z,0,, FeO, MgO, MnO,, Ca0, NaO,
K,;0.) A broadly similar system can be used for
manual metal arc, submerged arc and gas-shielded
flux-cored wire welding.

1. Acid or high silica fluxes — these are good
cleaning fluxes and produce a weld of excellent
profile. However, the weld will often have high
oxygen, hydrogen and silicon contents with
consequent low strength and toughness;

2. Neutral fluxes produce welds of only moderate
strength and toughness;

3. Basic or low-hydrogen fluxes produce welds
with low oxygen and hydrogen contents, pro-
vided that the electrodes are kept oven-dry
before welding. These produce welds with good




mechanical properties that are not susceptible
to cracking;

4. Cellulosic fluxes contain up to 30% of organic
material. Good penetration is achieved but at
the expense of increased hydrogen levels and
greater likelihood of cracking;

5. Rutile fluxes are those with a significant
proportion of titanium dioxide (rutile) in place
of the manganese and iron oxides of acidic
fluxes. This improves metal transfer and arc
stability, and these electrodes are therefore easy
to manipulate. Mechanical properties are mod-
erately good and these are considered to be a
good general-purpose electrode.

6. Iron powder fluxes — these manual metal arc
electrodes have coatings with a considerable
proportion of iron powder in a basic or rutile
flux to give an improved deposition rate.

Flux-cored wire fluxes for use without any
shielding gas do not follow the classification outlined
above. They all contain calcium fluoride to give
fluoride gas protection and some contain calcium
carbonate to give additional carbon dioxide gas. In
some, deoxidation is carried out by aluminium, in
others by iron powder. Rutile is sometimes used for
reasons similar to those outlined above.

In electroslag welding there is considerably more
time available for interaction between the molten
flux and the weld pool, and this interaction can
significantly alter the weld metal composition.
Apart from alloying additions associated with this
interaction, electroslag fluxes have many similarities
to those for submerged arc welding. In addition,
they must have current-carrying properties because
there is no arc once the process is established. The
molten flux must have sufficient conductivity to
transmit the current to the weld pool but not so high
a conductivity that current demand will be exces-
sive.

Electrode and flux classifications for the various
welding processes are governed by different stan-
dards, and those in most common use are listed
below:

Manual metal arc welding — BS 639 AWS A5.1
Flux-cored wire welding — AWS A5.20
Submerged arc welding — DIN 8557 and AWS
AS.17

Electroslag welding — these fluxes have not been
classified.

To illustrate the range of parameters considered
in these classification systems an interpretation of a
single electrode coding, namely E5133B/12029H10,
by the BS 639 system is as follows:

E: indicates a covered electrode for manual
metal arc welding

51:  a tensile strength of 510-650N/mm? and a
minimum yield stress of 360 N/mm?
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3: a minimum elongation of 20% and an
impact value of 28J at —20°C

3: a minimum elongation of 22% and an
impact value of 47J at —20°C

B: a basic type of coating

The symbols above are compulsory; those below are
optional:

120: nominal electrode efficiency, i.e. 120%
minimum metal recovery

2: electrode is suitable for all welding posi-
tions apart from vertical down
9: should be used with positive polarity for

DC welding and a minimum open circuit
voltage of 90V for AC welding
H10: less than 10mi H; per 100 g weld

2.4 Weld preparations

Fillet welds do not require weld preparations. In
butt welds, it is generally necessary to prepare the
surfaces of the elements being joined. The ideal
weld preparation is one that:

1. Provides satisfactory access throughout the depth
of the weld. This is essential to ensure that sound
weld metal is deposited and that it is properly
fused to the parent metal and earlier weld
deposits. In addition, it must be possible to clean
the weld between runs. This is particularly
important for processes where the weld metal is
covered by fused slag after welding.

2. Minimizes the volume of deposited weld metal.
Deposited weld metal is obviously very expen-
sive, and this is an important requirement for
economy.

3. Minimizes the cost of weld preparation. Simple
plane weld preparations can be gas cut, which is a
considerably cheaper operation than the machin-
ing that is required for more complex prepara-
tions, such as those for U and J butt welds.

4. Does not lead to notches or discontinuities. This is
particularly important where corrosion is severe
or where fatigue is a design consideration.

5. Can accommodate the variations in fit that are
likely to be encountered in practice. Practical
tolerances should vary with the situation. Thus in
a butt weld between two unstiffened plates a
tolerance on fit of +1-2 mm should be achieved
with reasonable care. In a joint where the
elements are less flexible and the geometry is
more complex (for example, a node in an
offshore structure) the cost of achieving a similar
fit would be prodigious. In such a situation it is
clearly appropriate to adopt a more tolerant
welding procedure and preparation.

There are certain general principles that underly
the design of weld preparations. The most critical
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welding pass is the first (root) pass and the most
critical part of the weld preparation is the root
preparation, as it has to accommodate variations in
fit. The root gap must not be so narrow that the weld
pool cannot penetrate to the far side, and it must not
be so wide that a weld pool cannot be established.
The root face must be sufficiently deep to prevent
the arc from burning through but not so deep that
there is incomplete penetration. The sizes of the
root gap and root face depend on the choice of
welding process, welding variables and welding
position. For a MMA or CO, semi-automatic weld,
typical values are 2-3mm and 1-2 mm, respectively;
for a submerged arc weld typical values might be
0-2mm and 4-6mm, respectively, because of the
greater penetration achieved with this process.
Unless the root geometry can be closely control-
led the weld metal of the root runs will not be
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Figure 2.5 Typical weld preparations for butt welds. (a)
20 mm plates; (b) 40 mm plates

entirely sound. If there are doubts about its integrity
it should be removed by back gouging and replaced
from the other side. If, because of overall structural
tolerances, the root gap cannot be maintained
within suitable limits, a metal backing strip can be
used in conjunction with a large root gap, to support
the weld pool. The principal disadvantage of the
backing strip is that it introduces a crevice into the
weld geometry. An alternative system without this
disadvantage uses temporary ceramic tiles to sup-
port the weld pool during the early passes; these are
held in place by magnetic clamps.

Above the root region of the weld the preparation
is modified so that the filler passes can be efficiently
carried out. The side-wall slopes must be such that
the weld arc can be directed against them so that
proper side-wall fusion is achieved. For shallow
welds it is appropriate to use plane preparations,
such as those shown in Figure 2.5(a), because of
their lower cost. With deeper welds it becomes more
economic to use the more complex weld prepara-
tions shown in Figure 2.5(b); the extra preparation
cost is more than offset by the saving in weld
volume.

The choice between single or double preparations
depends on access, the ease with which the structure
may be turned, the plate thickness and the means by
which distortion is being controlled.

2.5 Control of distortion

Once a molten weld bead has been deposited and
starts to cool it will solidify and attempt to contract,
both along and transverse to its axis. This tendency
to contract will induce tensile residual stresses,
probably accompanied by tensile yielding where it is
resisted by the surrounding structure, and distor-
tions where the surrounding structure is less than
fully rigid (which is almost always the case in
practice). _

Longitudinal shrinkage can cause slender out-
stands and plates to buckle and, if the weld is
eccentric to the effective centroid of the resisting
structure, will lead to an overall bowing of the
fabrication. Although these longitudinal distortions
are of considerable significance in general fabrica-
tion they are of only limited importance in connec-
tion design. As discussed in Chapter 7, only stocky
plate and elements should be used in connections,
and these can sustain the overall longitudinal shrink-
age without any local buckling. The second type of
longitudinal distortion is only of significance in long
elements which rarely occur in connections.

Transverse shrinkage is likely to produce both
angular and out-of-plane distortions, as shown in
Figure 2.6(a). There are three possible approaches
to the control of these distortions. First, prior to
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Figure 2.6 Welding distortion and its control. (a)
Unrestrained distortion due to fillet welds; (b) presetting
to eliminate distortion in completed structure; (c) restraint
and flexure to climinate distortion; (d) counteracting
distortions

welding the elements may be preset so that after
welding and its associated distortion the final
geometry is correct. Second, the structure can be
sufficiently restrained to keep the distortions at
acceptable levels. Third, welding sequence can be
modified so that compensating distortions of oppo-
site sign cancel each other out. In practice, more
than one method may be used at the same time for a
particular situation.

Figure 2.6(b) shows the first kind of preventative
action. The end plate is pre-dished, either by
pressing or by spot heating, and the web plate is set
a few degrees off the right angle to the end plate.
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Alternatively, the end-plate distortion could have
been reduced by clamping it to a strong back to
increase its flexural strength during welding. If this
was combined with the elastic bending shown in
Figure 2.6(c) it would be possible to eliminate the
distortion completely. Figure 2.6(d) shows the third
type of distortion control where distortions of
opposite sign are offset against each other to achieve
an acceptable final configuration.

2.6 Preheating

As discussed in greater detail in Section 2.7, rate of
cooling is an important parameter in the control of
hydrogen cracking of the heat-affected zone. It is
possible to reduce the cooling rate and so reduce the
susceptibility to cracking by preheating the elements
before and during welding. In critical cases the
‘preheat’ is maintained for a considerable period
after welding. Guidance on preheating is given in BS
5135; Figure 2.7 shows a typical graph of preheating
temperature as a function of combined plate
thickness, arc energy input and parent metal
composition.

2.7 Weld defects
2.7.1 Undercut

Figure 2.8 shows typical examples of undercut or toe
groove defects. The wide rounded profile shown in
Figure 2.8(a) is generally formed when too much
parent metal is washed into the weld pool and some
disturbance of the pool prevents deposition at that
point. For example, this disturbance might be due to
too high a current, producing excessive turbulence
in the pool. Probably the most common situation for
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Undercuts

(a)

(b)

Figure 2.8 Typical examples of undercut defects. (a) Wide
and curved; (b) narrow and cracklike

this type of undercut occurs with the deposition of
large single runs of weld metal in the horizontal/
vertical position to form a fillet weld. With the large
weld pool the weld metal tends to sag away from the
vertical plate.

The narrow and cracklike defects shown in Figure
2.8(b) are likely to occur if there is insufficient
heating of the parent plate in the immediate vicinity
of the weld pool and a consequent severe transition
in thermal shrinkage at that point. This is most likely
to occur if an incorrect weaving technique, with
insufficient pauses at the weave ends, is used in
vertical welding.

It is not easy to assess the significance of
undercuts, and this fact is reflected in the wide
variation that exists in specified defect tolerances in
different specifications. In carrying out this assess-
ment it should be appreciated that some microflaws,
due to minute slag inclusions, are almost unavoid-
able in this region. These defects are almost
impossible to detect by conventional means because
they are unlikely to be more than 0.25 mm in depth,
but they can have a significant influence on fatigue
performance.

In a statically loaded structure, given adequate
toughness, assessment can be based on straightfor-
ward considerations of loss of effective area. Thus if
they are parallel to the applied stress these defects
are unlikely to be significant. If they are transverse
to it the loss in strength has to be considered in
proportion to that of the element as a whole. Thus
matching undercuts of 0.5mm on each side of a
10mm plate would lead to a loss of 10% in tensile
capacity and 19% in flexural strength. Correspond-

ing figures for similar undercuts in 20 mm plate are
5% and 10%.

It is more difficult to assess the influence of
undercut on fatigue strength. Undoubtedly, the
sharp undercut of Figure 2.8(b) will have a
deleterious effect on fatigue strength under trans-
verse fluctuating stresses. However, the smooth
profile of Figure 2.8(a) is unlikely to be so
damaging; it may even be beneficial if it reduces the
stress field at the point where the microflaws are
likely to exist. Minute variations in surface geometry
in this region are probably largely responsible for
the scatter observed in experimental fatigue lives. If
remedial measures are proposed for critical fatigue
locations it is almost certainly preferable to grind
out the surface irregularity associated with the
undercut than to reweld (see Section 2.8).

2.7.2 Slag inclusions

These are non-metallic particles, usually derived
from the flux, that are trapped by the weld pool, as
shown in Figure 2.9. They are likely to be of
considerable length and can therefore influence
strength if their cross-section is large compared to
that of the weld pool. They can arise in multipass
welds and, in that situation, are usually due to
inadequate cleaning between passes, often in
conjunction with unfavourable bead shape or
incorrect bead sequence. Alternatively, they can
occur in the weld root, usually as a result of too
narrow a root gap. With the correct weld prepara-
tion, fit and procedure they are readily avoided.

Not cleaned or
incorrect electrode

\ > . P i
\ y ~T;?“': Slag trapped

in undercut

Narrow root gap

Figure 2.9 Slag inclusions

2.7.3 Incomplete penetration

This can occur either at the root or, more rarely,
between passes in a multipass weld, as shown in
Figure 2.10. It can be caused by too low a current or
too inclined an electrode angle, giving an insuffi-
cient concentration of energy into the weld pool.
Alternatively, it can arise with some geometric
problem: the electrode may be too large for the
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Figure 2.10 Lack of penctration

joint; the root gap may be too small; or the weld
bead sequence may be incorrect. Within the body of
the weld these problems can be readily corrected by
a modification to the procedure. Incomplete
penetration of the root gap can be more difficult to
eradicate because of inevitable variations in gap
along the joint. For this reason it is common, with
manual welding, to backgouge the root runs and
reweld from the reverse side. Lack of root
penetration is less of a problem with submerged arc
welding because of the higher welding currents;
backgouging is therefore less common.

2.7.4 Lack of fusion

This defect is a less extreme form of lack of
penetration. There are no voids left in the weld
metal but the individual runs have not entirely fused
or attached themselves to the previously laid weld
metal or edges of the weld preparation or plate
surface (see Figure 2.11). This can be caused by
milder forms of the same shortcomings that lead to
lack of penetration and may, in addition, be a result
of contamination by rust or mill scale of the joint
surface. It may be corrected by better cleanliness
and/or a modification to the weld procedure.

Lack of side-wall
fusion

e

Lack of R
interpass fusion

Lack of root fusion

Figure 2.11 Lack of fusion

2.7.5 Porosity

Porosity is the formation of small cavities in the weld
metal, and is caused by the trapping of gas in the
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molten weld pool. The cavities are generally
spherical but can be elongated to give piping or
worm holes. It arises because gas solubility in the
weld pool diminishes as the temperature drops. The
gas may arise from some contaminant on the plate
or electrode; too turbulent a gas flow with
gas-shielded processes; or too long an arc if basic
fluxes are used. ‘Start porosity’ is a particular
problem because, when the arc is first struck, the
protective gas atmosphere is not immediately
established and the start of the weld is exposed to
air. This can be overcome either by restarting above
and proud of the previous run so that the porous
weld metal can be removed after welding by
grinding, or by restarting in front of the end of the
previous weld, moving the weld pool back to the
previous weld and then coming back over the restart
position, remelting the weld metal, and allowing the
gases to escape.

2.7.6 Hydrogen, heat-affected zone or cold
cracking

This type of cracking, shown in Figure 2.12(a),
generally occurs in the heat-affected zone after
welding. The cracks are most likely to form as this
region cools below 300°C but may not occur until
some time after welding; indeed they can develop
considerably later during the service life of the
structure. The mechanism of cracking depends on
several interrelated factors. The cooling rate in the
HAZ can be similar to that normally associated with
quenching and, depending on the composition of the

(b)

Figure 2.12 (a) Heat-affected zone cracking; (b) solidifica-
tion cracking
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steel, can cause considerable hardening and loss of
ductility. Hydrogen may be introduced into the weld
arc region by moisture in the flux or hydrocarbon
contamination. At high temperatures both the weld
metal and the HAZ dissolve significant quantities of
any hydrogen that is available; as the temperature
drops the solubility of the hydrogen diminishes and
concentrations of gas build up in microscopic voids
with very high pressure. The weld metal can
accommodate this because of its ductility and its
toughness but if the HAZ has become too brittle,
cracks will develop.

The key parameters for eliminating this form of
cracking are:

1. Material composition. For a given weld technique
and geometry, susceptibility to cracking depends
on hardenability of the parent material, which in
turn depends on its composition. The higher the
carbon and alloy content of the steel, the greater
is its tendency to embrittlement. The following
Carbon Equivalent formula is used as an empiric-
al measure of this property:

Carbon Equivalent (CE) = %C

%Mn + %Ni + %Cu
6 15
+ %Cr + %Mo + %V
5

As a very general rule, once the carbon
equivalent reaches 0.41% and/or the plate
thickness reaches 30 mm there is a significant
chance of hydrogen cracking unless special
precautions are taken.

2. Hydrogen level. Trrespective of the composition
of the parent material, electrodes must always be
properly dried and the joint must be free of
contamination. Above the carbon equivalent/
thickness combination given above, basic (con-
trolled hydrogen) electrodes should be used.

3. Cooling rate. This parameter influences suscepti-
bility to cracking in two ways. The slower the rate
of cooling, the less is the quenching effect and
consequently the less is the degree of embrittle-
ment. In addition, a slower cooling rate gives
more time for the excess hydrogen to diffuse out
of the weld and HAZ as its solubility diminishes.

In the absence of any preheat, cooling rate
primarily depends on the ratio between the heat
input and the heat loss. The former is simply a
function of arc energy and the latter depends on
the size of the path for the dissipating heat. As
the sum of the thicknesses of the plates down
which heat can flow increases, so does the
cooling rate. Preheat can be used to reduce the
temperature difference between the HAZ and
the surrounding steel and thus reduce the cooling

rate. (It also increases the hydrogen solubility,
thereby reducing the amount of hydrogen coming
out of solution.)

4. Restraint. As discussed in Section 2.5, any weld
will attempt to shrink as it cools and the degree of
restraint will influence the strain that the
embrittled HAZ has to undergo as this shrinkage
occurs. The greater the restraint, the larger will
be the local strain and the greater the tendency
for a crack to develop.

2.7.7 Solidus, weld metal solidification or hot
cracking

This form of defect is usuaily a longitudinal crack
down the centre of the weld which forms shortly
after the weld metal has solidified. Typical examples
are shown in Figure 2.12(b). Because of heat flow
patterns, this central portion of the weld pool is the
last to solidify. Since most impurities have lower
melting points than steel, they can collect in this
region and form semi-continuous films of segregates
along the grain boundaries. As the weld continues to
cool after solidification it attempts to contract and
may crack at these regions of weakness.

Note that the molten electrode material in the
weld pool has been diluted by the drawing in of
parent metal. Composition is the most important
parameter in the control of this form of cracking.
Thus impurities, of which sulphur and, to a lesser
extent, phosphorus are the most important, have to
be minimized in both the electrode and parent metal
compositions. As with HAZ cracking, degree of
restraint is also a significant parameter, as thermal
shrinkage in the weld increases with degree of
restraint.

As structural steels become cleaner, this form of
cracking is becoming less significant. It is most likely
to develop with deep-penetration submerged arc
welding because of the high dilution. If it occurs in
this situation, a change of weld procedure to more,
smaller, weld passes, with lower arc energy and
consequently less penetration, should alleviate the
problem. When manual welding high-sulphur steels,
basic electrodes with controlled hydrogen should be
used because they have an inherently better ductility
than other electrodes. Alternatively, high-
manganese electrodes may be used because the
manganese sulphide that is formed has a much
higher melting point than ferrous sulphide and
therefore cannct collect at the centre of the weld.

2.7.8 Lamellar tearing

This is caused by defects arising from the rolling
process of the parent steel and the shrinkage strains
after welding, and it has considerable practical
significance in connection design.

As steel is rolled during manufacture, small
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Figure 2.13 Causes and prevention of lamellar tearing

spheroidal particles of impurities become elongated
into disc-shaped elements, as shown in Figure
2.13(a). These discs reduce the through-thickness
strength and ductility of the steel compared to its
properties in other directions.

If, as shown in Figure 2.13(b), such plates are
incorporated into welded connections where they

are subjected to significant through-thickness strains
from welding shrinkage in the presence of restraint
then lamellar tearing may occur. This defect is
characterized by a stepped form of crack as the
fracture progresses from one inclusion to the next at
a different level. They are usually entirely sub-
surface and therefore not detectable by visual
inspection.

The incidence of lamellar tearing can be reduced
by attention to detailing; Figure 2.13(c) shows
revised versions of some details which are less
susceptible to tearing. However, in some joints
severe through-thickness strains are unavoidable,
and in these situations two preventative measures
are available. The traditional approach, as shown in
Figure 2.13(d), is to butter the plate prior to welding
with low-strength and high-ductility weld metal
which can accommodate the strains because it is free
from inclusions. The second approach is to specify
steels that have guaranteed through-thickness prop-
erties. These exceptionally clean steels, developed
to overcome the lamellar tearing problems of
offshore construction. have differing levels of
through-thickness ductility to suit the varying
degrees of restraint and shrinkage. The ductility is
measured by monitoring minimum percentage re-
duction in cross-sectional area when a tensile
coupon, with its axis normal to the plate surface, is
tested to failure. However, it should be noted that
these steels are considerably more expensive than
other material and their usage should be limited to
situations with a significant likelihood of lamellar
tearing and where structural integrity is essential for
safety.

2.8 Fitness for purpose and the
specification of weld repairs

The optimum welded joint is one that fulfils the
requirements of the structure during its service life
and which is produced at minimum cost. Concepts
of fitness for purpose, taking account of the latest
advances in fracture mechanics, have an important
role in attempting to achieve this optimum. When a
defect is found in a weld that is outside specified
tolerances it is prudent to assess the significance of
that defect in its particular location and only to
proceed with a repair if it is clear that it is
unacceptable. Repairs are always expensive, and
can be very difficult to carry out properly on a
completed structure because of difficulties of access
and increased restraint. A poor repair is very likely
to reduce the structural integrity due to the
inevitably increased distortion and possibly in-
creased cracking that occur in its execution.

In this context it is interesting to quote a recent
study of welded ships’ structures.?' Non-destructive
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testing in ships involves spot checking and non-
acceptable defects are automatically remedied.
Because the inspection was less than 100% it was
estimated that about 2000 major (i.e. planar)
internal defects remained in each of the six ships
studied after construction. A number of planar
defects were therefore likely to be present in butt
welds in parts of primary importance. The ships
were surveyed after 4-6 years’ service, and no
reported damage was found to be related to an
internal defect. On the other hand, some cracks
found in service were related to repairs made during
construction,

2.9 Weld inspection and
non-destructive testing (NDT)

2.9.1 Visual inspection

The most fundamental form of weld checking is by
visual inspection, and this can be used to check:

1. Quality of weld preparation and fit-up;
Root pass cracks;

Weld pass alignment in a multipass weld;
Cleanliness between passes;

Undercut, porosity and surface profile;
Final weld geometry.

gUuswN

2.9.2 Dye penetrants

The penetrant is a coloured liquid of very low
viscosity that is drawn into any surface defect by
capillary action. It is sprayed onto the weld and,
after a brief interval for penetration, excess fluid is
carefully removed. A white ‘developer’, which is
either a dry powder or a powder suspended in a
volatile solvent, is then sprayed onto the weld and
surrounding material. This will draw the penetrant
from any defects into which it has penetrated,
clearly indicating their presence. Wide cracks
produce a spread of penetrant while sharp ones
often appear as a series of dots in a line. Rounded
surface defects are also clearly visible.

This is a cheap and moderately quick method of
inspection that does not require highly trained
inspectors. Its principal disadvantage is that it can
only detect surface defects.

2.9.3 Magnetic particle inspection

This technique monitors the leakage in magnetic
flux that occurs in the presence of any surface or
near-surface defects when the parent body is
magnetized, as shown in Figure 2.14. The surfaces
are cleaned and then coated with a white, flat,
quick-drying paint. Magnetizable powder or ink is
applied to the surface and a magnetic flux is induced
in the parent body by magnets, magnetizing coils or

Sharp defect
Wide defect - B

-
Buried defect -~

Figure 2.14 Influence of defects on magnetic flux

magnetizing currents. The dark-coloured powder or
ink is drawn to any leakage of magnetic flux, thus
highlighting the defects. For maximum sensitivity, a
range of flux directions should be used because
cracks will only show up if they cut across the flux
lines.

This is a cheap and quick method of inspection
that also does not require highly trained inspectors.
The magnetizing system can be rather cumbersome
for site use, and it is more amenable to component
testing on an assembly line. Its principal disadvan-
tage is that it can only detect surface or near-surface
defects.
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Both these forms of electromagnetic radiation pass
more readily through substances of lower than those
of higher density. Thus if a weldment is subject to
either form of radiation there will be a higher
emission in regions where there is a defect for a
significant proportion of the radiation path. This
variation can be recorded by means of a photo-
graphic film, as shown in Figure 2.15.

It is necessary to vary the intensity and
wavelength of the emissions in order to achieve
optimum penetration of the weldment. With X-rays
this is obtained by modifying the tube voltage; an
increase will magnify the intensity and decrease the

X-ray and gamma-ray radiography
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Figure 2.15 Principles of X- and gamma-ray inspection



wavelength. This gives a harder X-ray with greater
penetration. Gamma-rays generally have shorter
wavelengths than X-rays, giving greater penetra-
tion. Different sources have different energies and
wavelengths; the lower the energy of the source, the
better will be the film contrast. A popular source is
iridium-192, which gives a very high-quality negative
for plate thicknesses of 12-60 mm.

It is necessary to check the sensitivity of both
systems during operation. This is carried out by
placing an image quality indicator (IQI) on the
surface of the weldment being inspected. A common
type of IQI consists of wires of different diameters
mounted side by side in a polythene tag. The
sensitivity of the particular radiograph is defined as:

Smallest diameter of wire that is visible

- - - x 100%
Thickness of weldment being radiographed

Both systems are much more sophisticated than
the techniques described earlier. They require fully
trained operators, complex equipment and elabo-
rate safety precautions to avoid health risks from the
radiation. Their principal advantage is that they
enable subsurface defects to be detected. However,
their sensitivity to defects that do not have a
significant dimension in the through-thickness direc-
tion is poor; the physical constraint of having to
arrange the radiation source opposite the film can
create difficulties with complex geometries.

X-rays have the advantages that the intensity of
radiation can be varied, that it is more sensitive and
that, since the source can be switched off, it is only
necessary to take safety precautions during the
exposure time rather than be concerned with
continuous heavy shielding. Gamma-rays have the
advantages that the equipment is smaller, cheaper
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and more mobile than the X-ray unit and that these
rays have greater penetration than X-rays and can
be used for thicker sections.

2.9.5 Ultrasonic inspection

This inspection technique is based on the reflectivity
of ultrasonic waves within the weldment from
boundaries in the steel. The quantities measured are
the time taken for a pulse echo to return to the
receiver and the strength of the echo. Output is
measured on a cathode ray tube. The pulse
generator produces a pulse which is fed to the
transmitting crystal and which transmits a sound
wave through the steel; at the same time the pulse
transmits a signal on the tube. Some of the sound
wave is reflected back by the defect or boundary and
is transmitted back to the receiver probe, which
transmits another signal to the tube. Because the
sound waves take time to travel to and from the
defect or boundary, when the resultant electrical
signal reaches the tube it is displaced along the
X-axis or time base by a distance proportional to the
distance it has travelled in the steel. The time base
can be varied and is preset to give different depth or
distance ranges. The amplitude of the signal is
proportional to that of the received sound.

Two modes of operation are employed. Where, as
in Figure 2.16(a), the pulse direction is normal to
the surfaces (compression wave probe) it is possible
to locate the depth of any defect directly because the
system is self-calibrating. That is, there will be
separate echoes from the defect and the far
boundary and simple proportion may be used to
determine defect depth. Where the pulse is at an
angle to the surface (shear wave probe) there will be
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no echo from the far face and any echo will
therefore be evidence of a defect, as shown in Figure
2.16(b). The same effect can sometimes be achieved
with a compression wave probe, as shown in Figure
2.16(c). In many cases different probe directions will
have to be used to examine different parts of the
same weld.

With ultrasonic inspection it is possible to search
for internal defects in a wide variety of joints; the
equipment is portable and safe to use and the
method can detect all the most common defects
found in welding, with adequate sensitivity. The
main disadvantages are that the system relies
completely on the skill and integrity of the operator;
there are no permanent records; defect sizing may
not be very accurate; and the system may be so
sensitive that defects are found that are too small to
be deleterious to the structure.
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Bolts and bolting, rivets and riveting

3.1 Scope

A full coverage of the topics covered in this chapter
is inappropriate in a general book on connection
design, and the presentation is therefore limited to
those aspects that are of greatest importance to the
designer. A bibliography is provided at the end of
the chapter for the reader who wishes to pursue a
topic in greater detail. A list of references is given
for each of the main headings in the text. The order
within each list indicates the relative standard of the
references; more general and elementary texts are
listed first, followed by more advanced ones.

3.2 Dowel bolts
3.2.1 General description

Dowel, ordinary or bearing bolts are the most
economic and widely used type of structural
fastener. They transfer shear loading directly by
bearing between the bolt and the internal surfaces of
the holes in the plates in conjunction with shearing
on the bolt, as shown in Figure 3.1. They can also be
used to resist static tensile loading.

Generally, they are used in clearance holes whose
diameter is 2mm greater than the nominal bolt
diameter. Traditionally, they were used with a single
washer under the nut, but many authorities will now
permit this to be omitted. They are usually tightened
by hand to a ‘spanner-tight’ condition.

3.2.2 Mechanical properties

These bolts, nuts and washers are now manufac-
tured to common international standards, although
national standards are generally used as imple-
mentation documents.

Bolts

The mechanical properties of the bolts are defined
by the ISO strength grading which takes the form
X-Y. The first figure (X) is one-tenth of the
minimum ultimate tensile strength of the material in
kg/mm?; the second is one-tenth of the percentage
of the ratio of the minimum yield stress to the
minimum ultimate tensile strength. As indicated in
Table 3.1, other significant mechanical properties
are defined for a particular strength grade.

Nuts

As shown in Table 3.2, the mechanical properties of
the nuts are less rigorously defined than those of the
bolts. The ISO strength grading for nuts is simply
related to the required proof stress.

Note that the proof stress referred to does not
develop in the nut itself. It is the minimum stress on
the tensile area of the associated bolt that the nut
must be capable of developing during proof testing.
Comparison of Tables 3.1 and 3.2 shows that the
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Figure 3.1 Bearing bolt in shear
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Table 3.1 Mechanical properties of structural bearing bolts

Strength grade designation

Mechanical property 4.6 8.8 10.9 12.9

. kgf/mm? 40 80 100 120
Tensile (min-) Nfmm? 392 785 981 1177
strength (max.) kgf/mrpz 55 100 120 140

7 N/mm- 539 981 1177 1373

Vickers (min.) 110 225 280 330
hardness {(max.) 170 300 370 440
Yield (min.) kgf/mrp2 24 - - -
stress 7 N/mm-~ 235 - - -
Stress at
permanent (min.) kgl’/mrp2 - 64 90 108
set limit 7 N/mm-~ - 628 883 1059
Ry
Stress at kgf/mm? 22.6 58.2 79.2 95.0
proof load N/mm? 222 571 777 932
Elongation after 3
fracture (min %) 25 12 9 8
Charpy | kgfmlem® - 6 4 3
impact (min.) ¢ - 2 14 1N
strength

Table 3.2 Mechanical properties of nuts for structural
bearing bolts

Sirength grade designation 4 8 12
Proof load kgf/mm? 40 80 120
stress N/mm? 392 785 1177

Vickers hardness (max.) 310 310 370

required nut proof stress is equated with the
minimum ultimate tensile strength of the bolt. Thus,
in practice, if the bolt strength is greater than the
minimum specified it is possible for either the nut or
bolt to fail when the combination is tested to failure
in tension.

Washers

Where they are used, washers will usually be of mild
steel, even if high-tensile bolts are used. However,
where such bolts are subject to high-tensile loads,
mild steel washers will distort considerably under
the high local compressions from the nut and bolt
head. (The washers lack the triaxial containment
and continuity which enables the equally soft plate
material to resist these forces without significant
distortion.) In such circumstances consideration
should be given to either dispensing with the
washers altogether or to specifying high-tensile
washer material.

3.2.3 Bolt, nut and washer geometry

Overall geometry is also controlled by ISO recom-
mendations. Bolt sizes are defined in terms of
nominal diameter, length under the head and thread
length. Washer and nut sizes are defined by nominal
bolt diameter. Table 3.3 summarizes the most
important dimensions for the common structural
sizes and also illustrates the identification marks for
both the bolts and nuts. Table 3.4 shows the
preferred sizes for both common grades of bearing
boits.

3.2.4 Thread profile and tolerances

The basic ISO thread profile that is used for all
structural nuts and bolts is shown in Figure 3.2(a).
Clearance has to be provided between the bolt and
nut threads. As shown in Figure 3.2(b), this is
achieved by a combination of fundamental devia-
tions and tolerances. The former define the closest
that the nut and bolt may approach the nominal
interface and the latter the additional clearances
that may be permitted in order to accommodate
practical manufacturing variations. Both sets of
quantities are defined in terms of diameter. Thus the
minimum total clearance between corresponding
dimensions on the nut and bolt is the sum of their
fundamental deviations. The maximum total clear-
ance is obtained by adding both the nut and bolt
diameter tolerances to the minimum total clearance.

As indicated in Table 3.5, different classes of
thread tolerance are specified for the different types
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Table 3.3 Bolt, nut and washer geometry and identifying marks

4.6 8.8 etc. 4.6

8.8 etc.

7 N 7 M P rga g
D © @

BS 4190 Boit BS 3692

BS 4190 Nut BS 3692

ISO (Mi12) Mié6 M20 (M22) M24 (M27) M30 (M33) M36
Metric coarse threads
Pitch {(mm) 1.75 2.00 2.50 2.50 3.00 3.00 3.50 3.50 4.00
Tensile stress arca (mm?) 84.3 157 245 303 353 459 561 694 817
Basic effective diameter (Pitch
diameter) (mm) 10.863 14.701 18.376 20.376 22.051 25.051 27.727 30.727 33.402
Length of threads
BS 4190 Up to and inc. 125mm 30 38 46 50 54 60 66 72 78
and Over 125mm up to
and inc. 200mm 36 44 52 56 60 66 72 78 84
BS 3692 Over 200mm 49 57 65 69 73 9 85 91 97
BS 4190 Up to and inc. 125mm 24 30 33 36 40
(Short thread length) (Short thread lengths may also be available for BS 3692 bolts — to special order)
Dimensions
Max. width across flats 19.0 24.0 30.0 32.0 36.0 41.0 46.0 50.0 55.0
Max. width across corners 219 27.7 34.6 36.9 41.6 47.3 53.1 57.7 63.5
Nominal head depth of bolts 8.0 10.0 13.0 14.0 15.0 17.0 19.0 21.0 23.0
Nominal depth of nuts 10.0 13.0 16.0 18.0 19.0 22.0 24.0 26.0 29.0
Nominal washer thickness 2.5 3.0 30 3.0 4.0 4.0 40 5.0 5.0
Washer ext. diameter 24 30 37 39 44 50 56 60 66
Washer int. diameter 14 18 22 24 26 30 32 36 39

Table 3.4 Manufacturers’ recommended and preferred range of bolt sizes

Length (mm)

Dia. 25 30 35 40 45 50 55 60 65 70 75 80 90 100 110 120 130 140 150 160 180 200 220 260 300

MI2 X X X XPp Xp XP Xp XP Xp Xp Xp Xp Xp Xp Xp Xxp p X X X X X X X
Mié6 S S S Sp XSp XSp XSpP XSp XSP XSp XSp Xsp Xsp Xp Xp Xp Xp p xXp x x X X X
M20 S S S SPp XSp XSp XSp XSp XSp XSp XSp Xp Xp Xp Xp Xp Xxp x Xx X X X
M24 s P XSp p XSp XSp Xsp Xp Xp P Xp p XpXx x X X X
x: Grade 4.6 standard thread length.
s: Grade 4.6 short thread length.
p: Grade 8.8.
Pitch P
P/8
H/8
=1 3H/8
= 5H/8 H is height of
3] - H| fundamental
5 triangle
8 8 \ A
El &g 8
R € ‘51— H/4
| = gEj=
5| © |2 Exterior
= '5‘ s P/4 Nut diameter tol. 77
= El g ° — s % Tolerances on nut
= g i Fundamenta!] Nut-——F——— " . Nominal
90 . Axis of screw thread deviations ] Bolt/‘—' r dimension
A Vj Tolerances on bolt
(a) Bolt diameter tol. -+ —— . K222 nterior
2
Figure 3.2 (a) Basic profilc of ISO metric thread; (b) {b)

tolerance positions for nut and bolt threads
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Table 3.5 Thread tolerances

Specification Tolerance class

Class of fit Bolts and screws Nuts
BS 4190 Free 8g TH
BS 3692 Medium 6g 6H

Threads will be in accordance with BS 3643: Part 2.

of structural bolt. Table 3.6 lists the basic data for
these classes and Table 3.7 presents the resulting
maximum and minimum dimensions for the com-
mon structural bolts.

It should be appreciated that, in specifying these
tolerances on thread profile, a careful compromise
has been achieved between ease of manufacture and
structural soundness. The overall geometry and
tolerances have been developed after considerable
research and have been carefully optimized. Fasten-
ers which depart from permitted tolerances should
not be used in structural connections because, as
discussed in detail in Chapter 5, such a departure
can cause undesirably abrupt modes of failure. If
there is any doubt about thread geometry the
practical methods of measurement outlined in
Section 3.7 should be adopted.

A particular problem exists with coated threads
that is most severe where galvanizing is used,
because of the coating thickness. Only one compo-
nent (usually the bolt) is coated to avoid the cold
welding problems referred to in Section 3.3.2. In the
UK the bolts are overcut to accommodate the
coating. In some other countries, notably the USA,
the nut is overcut. It is clearly essential to monitor

supply to ensure that only one overcut component is
used, otherwise inadequate tensile capacity will
result.

3.2.5 Bolt installation and tightening

No special provision is necessary for bolt installa-
tion. For predominantly static loading the bolts need
only be ‘spanner-tight’. If subject to fluctuating
tensile loads the bolts should be tightened to at least
70% of their proof load; this is to ensure that the
bolt is ‘protected’ from significant fluctuations in
load by its preload, as discussed in Section 6.2.3.
Bearing bolts should not be used for shear loads that
are subject to reversal.

3.3 HSFG bolts
3.3.1 General description

HSFG bolts are designed to be used in connections
where shear loads are transmitted by friction
between the plies, as shown in Figure 3.3. The bolts
are tightened to their proof load in order to develop
high bearing forces between the plies. Frequently
the contact surfaces are specially prepared to
improve the coefficient of friction. Even though
these bolts are used in clearance holes, deformations
under shear loading are very small until the slip load
is reached.

Special provision is necessary to ensure that the
bolts are tightened reliably to their proof load.
Because of the high bolt tension, hardened washers
should be used under the element which is rotated
during tightening.

Table 3.6 Principles and basic data for 1SO metric screw threads

Tolerance Pitch
class 1.75 2.0 2.5 3.0 3.5 4.0
Fundamental deviations Nut H 0 0 0 0 0 0
Bolt g 0.034 0.038 0.042 0.048 0.053 0.060
+ Nut minor diameter tolerance 6 0.335 0.375 0.450 0.500 0.560 0.600
& 7 0.425 0.475 0.560 0.630 0.710 0.750
© Bolt major diameter tolerance 6 0.265 0.280 0.335 0.375 0.425 0.475 -
8 0.425 0.450 0.530 0.600 0.670 0.750
-+ Nut pitch diameter tolerance 6 0.200 0.212 0.224 0.265 0.280 0.300
£ 7 0.250 0.265 0.280 0.335 0.355 0.375
Bolt pitch diameter tolerance 6 0.150 0.160 0.170 0.200 0.212 0.224
8 0.236 0.250 0.265 0.315 0.335 0.355

Root contours — May not transgress basic profile

— Grade 8.8 bolts and above shall have non-reversing curvature; no part of which shall have a radius of

less than

0.219

Deviations on bolt minor dia. 6 &
for stress calculations 8

—(.287

0.250 0.313 0.375 0.438 0.500

—0.327 -0.403 -0.481 -0.558 -0.637

All dimensions in millimetres.
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Figure 3.3 HSFG bolted connection in shear

These bolts may also be used in connections
where they are subject to externally applied tension.
Because of their high preload and rigidity under
shear loading, they are very suitable for use in shear
and/or tension under fluctuating loads and fatigue
conditions.

3.3.2 Mechanical properties

The mechanical properties for bolts, nuts and
washers are summarized in Table 3.8.

Bolts

Two classes of bolt material may be specified:
general grade material which has mechanical prop-
erties similar to that of Grade 8.8 bearing bolts, and
higher-grade material, which corresponds to Grade
10.9 with the ISO strength grading.

Nuts

Once again, nut strength is specified simply in terms
of the proof stress which it must be capable of
developing in the tensile section of the associated
bolt. However, it is worth noting a significant
variation between bearing and frictional nuts. With
the former the nut proof stress was set equal to the
minimum u.t.s. of the bolt material; with the latter it
is set equal to the maximum likely u.t.s. Thus,
unlike bearing bolts, nut failure is effectively
precluded with HSFG bolts. This is in recognition of
the possible abrupt nature of nut-related failure.
More care is also given to the relative hardness of
the nut and bolt. Although not entirely achieved, it
is notable that there is a practical attempt to ensure
that nuts have a lower hardness than bolts. This
separation of hardness is to reduce the tendency of
the threads to lock-up by cold welding. If two
surfaces of similar hardness are rubbed together at
high pressure both will be cleaned by the abrasion
and the surfaces may fuse together. With dissimilar
hardness all the wear takes place on the softer
surface and there is less tendency for cold welding.

Washers

The only property that is controlled is the hardness.
Once again, in order to minimize the risk of cold
welding, the washers are made appreciably harder
than the nuts against which they bear.

3.3.3 Bolt, nut and washer geometry

Table 3.9 summarizes the geometry of the various
types of bolts, nuts and washers.

Table 3.8 Mechanical properties for HSFG beolts, nuts and washers

Mechanical property General grade  General grade  Higher grade
# M24 > M24

Bolis

Tensile strength (N/mm?) 827 725 981

Vickers min. 260 225 280

hardness max. 330 292 380/370

Stress at permanent

set limit Ry » (N/mm?) 635 358 882

Stress under

proof load (N/mm?) 387 312 776

Elongation after

fracture (min. %) 12 12 9

Nuts

Proof load stress (N/mm?) 1000 1000 1176

Vickers min. 175 175 258

hardness max. 310 310 370

Washers

Vickers min. 362 362 362

hardness max. 440 440 440




3.3 HSFG bolis 33

Table 3.9 HSFG bolt, nut and washer geometry and identifying marks (Note that M12 are not recommended)

General grade to BS 4395: Part 1

Higher grade to BS 4395: Parts 2 and 3

BN
7 7 N
& \N Y
S
Hexagon Countersunk Hexagon Countersunk Nut
bolt bolt bolt bolt (Part 2 only)
Bolt diameter
MI2 MI6 M20 M22 M24 M27 M30 M33 M36
Thread lengths
Bolt length up to 125 (Part 1) 30 38 46 50 54 60 66 72 78
Parts 2 and 3 36 44 52 56 60 66 72 78 84
125-200 mm (Part 1) 36 4 52 56 60 66 72 78 84
Parts 2 and 3 4 50 58 62 66 72 78 84 90
over 200mm (Part 1) 49 57 65 69 73 79 85 91 97
Parts 2 and 3 54 62 70 74 78 84 90 96 102
Dimensions
Width across flats 22 27 32 36 41 46 50 55 60
Width across corners 254 31.2 36.9 41.6 473 53.1 57.7 63.5 69.3
Nominal head depth of bolts 8 10 13 14 15 17 19 21 23
Nominal depth of nuts 11 15 18 19 22 24 26 29 31
Diameter of countersunk head 24 32 40 4 48 54 60 66 72
Diameter of waisted shank
(Part 3 only) - 12.0 15.2 17.1 18.3 21.1 23.3 26.2 -
Nominal washer thickness 2.6 3.2 3.5 4.0 4.0 4.0 4.0 4.4 4.4
Washer external diameter® 30 37 4 50 56 60 66 75 85
Washer internal diameter 13.6 17.6 21. 23.2 26.2 29.2 326 35.6 38.6

“When required, washers may be clipped on one side.

Note that hardened square tapered washers are also available for use with tapered sections.

Bolts

Two principal types of bolt geometry may be used,
either with parallel or with waisted shanks. The
former are available with both material grades, the
latter only with the higher-strength material. Coun-
tersunk bolts may also be used if a flush exterior
surface is required. The hexagonal bolt head is the
same depth as that for the corresponding I1SO bolt
but the across-flats dimension has been increased
(wherever possible, to that of the next size up ISO
bolt) in order to match the dimensions of the nuts.

Nuts

The nuts have both a greater depth and a greater
across-flats dimension than those of the correspond-
ing ISO bolts. These increases are necessary to
achieve the greater strength required by the
specifications for mechanical properties, in the
presence of lower material hardness.

Washers

Standard washers are shown in Table 3.9. These
have a considerably larger external diameter than
the dimension across the corners of the nuts. Where
the full washer cannot be accommodated (perhaps
because of the proximity of a corner radius in a
rolled section) it is permissible to clip the washer as
indicated.

3.3.4 Thread profile and tolerances

The thread form and tolerances for all HSFG bolts
are the same as those for ISO metric precision bolts,
i.e. standard ISO coarse pitch threads with medium
fit (6g for bolts and 6H for nuts). Details are given in
Section 3.2.4.

Note that a long thread length is used for ductility.
A sensible thread length should be within the grip
(say, three threads for general grade and five for
higher grade, parallel shank bolts). The influence of
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thread length on tensile behaviour is discussed in
Section 5.3.

3.3.5 Bolt installation and tightening

At the time of assembly the contact surfaces in the
connection must be free from any contamination
which will reduce the coefficient of friction or would
prevent solid seating of the parts. A washer must be
placed under the bolt head or nut, whichever is
rotated during tightening. The rotated bolt head or
nut should always be tightened against a surface that
is normal to the bolt axis — tapered washers may be
necessary to achieve this with some rolled sections.
These washers should also be used under the
non-rotated surface if that surface is 3° or more from
being normal to the bolt axis.

Each bolt in the bolt group has to be tightened to
a minimum tension of its proof load for general
grade bolts and 85% of its proof load for parallel
shank, higher grade ones. The methods of tighten-
ing which are most widely used are as follows.

Part-turn of nut method

In essence, this method imposes an extension on the
bolt by applying a prescribed turn of the nut. To be
effective the nut must react against a solid base. It is
therefore essential that, before applying any pre-
scribed turn to the nut, all plies of the connection at
all bolt positions are pulled into close contact, the
‘snug-tight’ condition. This is achieved by pretight-
ening all the bolts in a group, in sequence, to refusal
at the ‘spanner-tight’ condition. After making
suitable marks so that the relative rotation between

Higher grade
part 1|

Proof load
3007 part 1t

General grade

2001
part |

Bolt load (kN)

M22 x 130 bolts 3 mm

‘Snug’ thread in stressed length

% 1 1% 2

Nut rotation (turns)

Figure 3.4 Induced tension/nut rotation relationships for
parallel shank HSFG bolts

the bolt and nut may be observed, the nut is then
subjected to an appropriate rotation. This is
probably the most common method of tightening,
and it is shown graphically in Figure 3.4. This
method is not permitted by some Codes for higher
grade bolts with parallel shanks because of concern
over their limited ductility.

Part-torque, part-turn method

This is a variation of the part-turn method where the
pulling up to the snug-tight condition is quantified
by applying a specified torque to all bolts in the
group in sequence to the point of refusal. It
overcomes the problems that can arise with small-
diameter bolts and overenthusiastic erectors, when
it is quite possible with the turn-of-nut method for
the bolts to be yielded during the snug-tightening
sequence, and to be taken to the point of failure
under the subsequent turn of the nut. This bedding
torque is usually set at one-third or one-quarter of
the estimated final torque. The turn of nut is also
prescribed as a half-turn for M16 to M22 bolts for
grips of up to 115mm and M24 to M36 for grips of
up to 160mm, otherwise a three-quarter turn for
grips up to 90 x thread pitch. This method is not
permitted by some Codes for higher grade bolts with
parallel shanks, because of concern over their
limited ductility.

Torque control

Here each bolt in the group is subjected to a
prescribed torque in sequence to the point of
refusal. To overcome possible interaction between
bolts if the plies do not readily draw up, the
sequence should be repeated until all bolts refuse to
turn further.

It should be appreciated that most of the torque
effort (80-90%) goes to overcome friction in the
threads. It follows that small variations in friction
will lead to substantial variations in bolt load: great
care is therefore necessary to achieve consistent
results. The torque control device must be cali-
brated at least once per shift. Using bolts of the
same diameter and batch, of similar length and with
similar thread lubrication, the torque required to
develop 1.1 X proof tension is determined. This
setting is then used to torque the bolts. Where bolts
of different diameters, batches or significantly
different grip lengths are used, separate calibration
is necessary for each class of bolt. Lubrication can
be used both to reduce friction and improve
consistency. The most consistent results have been
obtained with bolts that have been carefully cleaned
and then dipped in molten tallow. Even with careful
execution, the coefficient of variation of bolt tension
in a group is likely to be at least 15%.




This method is not popular, either with contrac-
tors or inspectors. Its use is likely to be limited to
higher grade bolts with parallel shanks, where turn
of nut is not permitted, and to exceptional situations
where interaction between neighbouring bolts exists
in practice because of some springiness in the system
and where repeated ‘elastic’ tightening of the bolts is
required. (A practical example of such an exception-
al situation is a repair clamp on the tubular leg of an
offshore jacket, where the clamp is designed not to
close onto itself at full tension, to overcome
variations in leg diameter.) Its principal advantage is
that it does not cause yielding of either the bolt or
any load-indicating device, thus permitting the
repeated tightening referred to above.

3.3.6 Proprietary load-indicating devices

Various load-indicating washers and bolts are
manufactured, and three proprietary makes are
illustrated in Figure 3.5.

The first two of these devices indicate the load by
producing a measurable change in some gap in the
presence of local yielding. The third is tightened by
turning the nut against the protruding nib until the
latter shears off. (This has the advantage of not
inducing any torsion in the main body of the bolt
and is very simple to use. The nib shearing is only a
measure of the torque applied to the nut and is
therefore prone to the same variations in bolt
tension described in the section on torque control
above. However, given good quality of threads and
good control of site cleanliness, these bolts should
behave satisfactorily.) Both the gap changes and the
nib shearing are, of course, irreversible and
therefore these systems cannot indicate current bolt
load. All they can show is that the particular bolt
was once tensioned to its proof load or above. They
should therefore not be used in situations where
there is an interaction between neighbouring bolts.
In any event, the connection should always be
pulled up to its snug-tight condition before proceed-
ing with final tightening, in order to minimize
interaction between neighbouring bolt tensions.
This method is becoming increasingly popular,
largely because there is a simple permanent record
of the tightening. However, for the reasons outlined
above, adequate inspection is still required during
tightening if reliable bolt tensions are to be
achieved.

3.4 Rivets
3.4.1 General description

Rivets have become uneconomic and are now rarely
used in structural steelwork. However, a brief
description is included here, partly for completeness
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and partly to assist in any assessment of existing
riveted structures.

Structural rivets are hot driven, being inserted in
holes which are 2mm (1/16in) clearance on dia-
meter. They give a satisfactory and rigid connection
in shear. The hot forming of the head causes the
shank of the rivet to expand, taking up the clearance
on the hole diameter. As the rivet cools it contracts,
producing a clamping force on the plies which
further increases the connection rigidity. Rivets are
considered to be less reliable in tension and
designers have traditionally avoided subjecting them
to such loading where possible.

3.4.2 Mechanical properties

Structural rivets are manufactured by hot or cold
forging from mild or high-yield bar stock. The
properties of undriven rivets therefore closely
correspond to Grade 43 and Grade 50 steel sections.

3.4.3 Geometry

Figure 3.6 summarizes the principal types of rivet
head. Snap head rivets are used where there is no
restriction on clearance and universal or flat head
rivets if clearance is limited. Countersunk rivets are
used where a flush surface is required.

3.4.4 Rivet installation

Figure 3.7 illustrates the installation and head
formation of rivets. The backing bar is required to
provide a reaction block while the head formation is
carried out, normally by pneumatic hammer.

3.5 Holding-down and foundation
bolts

3.5.1 General description

Figure 3.8 shows the traditional types of holding-
down bolt. The J-bolt and washer plate bolt are
suitable for light construction and static loads. The
J-bolt in particular becomes unwieldy to fix in
lengths above 600 mm and diameters above 24 mm
because of its lack of symmetry. These bolts are
generally used in the spanner-tight condition. For
heavy construction, tubed bolts should be used.
Under static loading they may be used in the
spanner-tight condition but they should be stressed
to at least 70% of their proof load for fatigue
conditions.

Low-alloy steel bolts are suitable where corrosion
is unlikely to be significant and where the bolts are
not subject to fatigue loading. In a corrosive
environment appropriate corrosion resistant mate-
rial should be used. In fatigue conditions, where the
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Figure 3.5 Proprietary load-indicating bolt systems. (a)
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Figure 3.9 shows examples of various types of A S ) I
foundation bolt. Types (a) to (d) are usually grouted o be-q -
—

into holes cast or drilled in the concrete, although
they may be set in place prior to concreting. The
grout may consist of either epoxy resin or cementi-
tious mortar. Type (e) is an example of an expand-
ing anchor bolt which is also set into a drilled hole.
Tightening the bolt causes a wedging action to
develop in the expanding outer barrel, gripping the
concrete surface of the hole. Types (f) and (g) are
examples of larger foundation bolts that are set in
drilled holes. The block-ended bolt may be used
where no horizontal tolerance in position is required
and where shear forces may have to be resisted. The

(b)
(c)

Figure 3.8 Cast-in-place holding-down bolts. (a) J-bolt; (b)
washer plate bolt for light construction; (c) tubed bolt for
heavy construction

tube bolt provides for horizontal adjustment but
cannot resist shear forces.

With the exception of type G, all these foundation
bolts can resist both shear and tension. However,
caution should be exercised in using such fasteners
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Figure 3.9 Examples of foundation bolts. (a) Split-end bolt (Cooper and Turner); (b) rag
bolt (GKN); (c) indented bolt (GKN); (d) rebar bolt; (¢) expanding bolt (Rawlplug); (f)
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to resist significant tensile forces, particularly under
long-term loading. Most of these fasteners have
inherently less tensile capacity than traditional
holding-down bolts and are more likely to lose
capacity in the presence of any local cracking in the
concrete. This is discussed in greater detail in
Section 11.8.

3.5.2 Mechanical properties

Low-alloy holding-down bolts are now generally
specified by means of the ISO system referred to in
Section 3.2.2. Corrosion-resistant bolts are general-
ly supplied to manufacturer’s specification.

The mechanical properties of proprietary systems
can only be obtained from the supplier. Discretion
must be used in translating laboratory results into
design values which have to recognize the variations
in workmanship that will exist in practice between
laboratory and site conditions. This is particularly
important for properties that depend on degree of
compaction, surface texture of hole and cleanliness
(for example, bond stresses between epoxy resin
and concrete).

3.5.3 Geometry

The individual designer has considerable freedom to
determine the geometry of holding-down and
foundation bolt systems. Reinforced concrete design
criteria should be used to determine required
dimensions such as hook bolt radii, anchor plate

sizes, etc.; thread geometry may be obtained from
Section 3.2.3.

3.5.4 Installation and tightening

Considerable difficulty is experienced in practice
with the positioning and concreting of traditional
holding-down bolts. Almost all this difficulty can be
traced back to an underestimate of the forces that a
wet, vibrated, concrete mix can exert on the bolts
and any supporting frame. Detailed guidance is
beyond the scope of this book, but there are useful
publications which discuss the matter in some depth.
These books also give guidance on approprate
procedures for other types of anchor and foundation
bolt.

Holding-down bolts usually pass through holes in
the steelwork with 2mm clearance on diameter.
Consideration should be given to the specification of
larger clearances in appropriate circumstances.

Where the holding-down bolts are not subject to
fluctuating uplift forces they only need to be
spanner-tight. However, in the presence of fatigue
loading it is essential that bolts are sufficiently
preloaded to ensure that they are protected from
fluctuations in tensile stress, as discussed in Chapter
6. Loss in prestress due to concrete creep will be
minimized by the use of high-tensile bars of
sufficient length. In situations of severe fatigue
loading it would be appropriate to specify a further
tensioning after, say, 12 months, when most of the
creep losses have occurred.
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Figure 3.10 Huck high-tensile fastener system

3.6 Special fasteners
3.6.1 Huck bolts

The Huck bolt or lockbolt shown in Figure 3.10 is a
special type of high-tensile fastener, with the special
merit that it is considerably faster to install than a
conventional torqued bolt. They are generally
installed with a single-operation tightening system
which cannot be repeated. Such a system is only
suitable for use as a replacement to a conventional
HSFG bolt in situations where the initial ‘snug-
tightening’ can be dispensed with. If this condition is
not satisfied it is possible, with care, to use a
two-stage tightening procedure which will pull the
plies together. Alternatively, bolts may be installed
in some of the holes in the bolt group and pulled up
to achieve the snug-tight condition for the bolt
group. Huck bolts can then be installed in the
remaining holes and the initial set of bolts finally
replaced by Huck bolts. Unfortunately, this three-
stage process diminishes the time saving which is the
system’s chief advantage. The tightening sequence is
shown diagramatically in Figure 3.11.

Pin inserted, collar
placed over pmtall

Special tensioning tool
pulls pin, reacting off
collar, thus pulling
plates together

Under increasing tension
tool anvil swages collar
onto locking grooves

‘ \\\x-f'//,,,,,,,%,,

OONRANRNNNRNNN |

Tool continues to pull
until pin breaks at the
breakneck groove and
is ejected

Figure 3.11 Tightening sequence for Huck fastener
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Figure 3.12 Huck BOM fastener. (a) Prepared for
tightening; (b) installed fastener

3.6.2 Huck blind fastener

Figure 3.12 shows the Huck BOM (blind, oversized,
mechanically locked) fastener which may be used in
situations where it is only possible to gain access to
one side of a connection. It is used with the same
tightening tool as the Huck bolts. The principal
difference is that the collar is now attached to a
sleeve which has the same diameter as the pinhead.
The end portion of the sleeve is softened so that the
first effect of pulling on the end of the pin is to
distort the end of the sleeve to form an effective
head. Subsequent pulling produces a sequence of
results similar to those shown in Figure 3.11.
Unfortunately, these fasteners are only available
in sizes up to M12, which considerably limits their
applicability to constructional steelwork.

3.6.3 Resin-packed bolts

Where a rigid connection under shear loading is
required and friction-grip connections cannot be
used, the injection bolt system shown in Figure 3.13
may offer an economic alternative to fitted bolts.
The system is particularly effective at resisting
transient overloads where no account need be taken
of creep in the resin.

The bolt is assembled and tightened with the
ventilation tube on the washer positioned as shown.
Where possible, the vent should be on the upper
side of the bolt. Taking appropriate care for the
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Figure 3.13 Resin-packed bolt in clcarance hole

removal of rainwater, a resin is continuously
injected through the nozzle on the bolt head until it
issues from the ventilation channel. Once the resin
has hardened, the connection will resist shear
deformations until the resin starts to deform
plastically. Design bearing strengths of 300 N/mm?
and 200 N/mm? may be obtained for transient and
long-term loading, respectively.

3.7 Bolt inspection and testing

The following tests are generally specified for the
mechanical properties of bolts:

1. Tensile testing and proof load testing of full-sized

bolts;

2. Tensile testing of machined test pieces to
determine tensile strength, yield point stress,
stress at permanent set limit of 0.2%, percentage
elongation after fracture;

. Hardness tests;

. Wedge testing on full-size bolts (to ensure that
the bolt can accommodate non-uniform bearing
under the head);

5. Head soundness test (ISO bolts only);

6. Impact testing (ISO bolts only Grade 8.8 and

above).

W

Nuts are subject to the following tests of mechanical
properties:

1. Proof load;
2. Hardness.

Most aspects of bolt and nut geometry can be
checked by conventional measuring systems and
thread geometry with the help of the following
additional equipment:

1. A shadow graph ( a lightbox and optical system)
may be used to magnify bolt thread geometry.

2. A thread gauge (a hardened template of ideal
thread profile) may be used to check thread
profile, accuracy of pitch, etc.

3. Go-gauges may be used for nut threads.

In practice, much can be achieved with an
‘informal’ checking of thread geometry by means of
micrometer, thread gauge and standard taps and
dies.

3.8 Bolt and rivet holes
3.8.1 Normal clearance holes

Almost all bolts and rivets are used in clearance
holes to alleviate problems of fit during erection.
Bearing bolts of all diameters are inserted in holes
which are 2 mm clearance on nominal bolt diameter.
Holes for HSFG bolts are similar for bolts of up to
and including 24 mm diameter but may have 3mm
clearance for larger bolts.

3.8.2 Oversize and slotted holes

Some codes permit the use of oversize and slotted
holes for the inner plies of HSFG bolted joints
provided that an appropriate reduction is made in
design capacity. Table 3.10 lists the standard sizes
for the various categories of hole.

3.8.3 Fitted bolts

Fitted bolts are still occasionally used in situations
where a rigid connection under shear loading is
required and it is not practicable to use a friction
connection. Such holes must have a clearance on the
nominal bolt diameter of not more than 0.15mm.
They are used in conjunction with precision-bearing
bolts.

3.8.4 Method of preparation

Generally, holes will be drilled, although some
codes permit punching to be used for statically

Table 3.10 Maximum hole sizes for HSFG bolts to BS 5950: Part 1, 1985, Table 35

d Standard clearance OQversize Short-slotted Long-sloued

(mm)  hole hole hole hole

<2 d+2 d+5 (d+2)x(d+6) (d+2)x25d
24 27 30 27 x 32 27 x 60

227 d+3 d+8 (d+3)x(d+10) (d+3)x25d




loaded joints of limited plate thicknesses. The use of
punched holes is restricted because of concern over
the embrittlement of the work-hardened material
that immediately surrounds the hole. If used outside
permitted limits, there is the possibility that
punching could lead to the initiation of brittle
fracture of the connection in the presence of
significant tensile strains on material of low tough-
ness. Holes for fitted bolts will generally be
underdrilled and reamed after a trial assembly.

3.9 Bolt layout within the connection
3.9.1 Pitch and edge distance criteria

Almost all codes of practice stipulate pitch and edge
distance criteria, and minimum criteria are specified
for the following reasons:

1. To provide adequate clearance for tightening;

2. To limit any adverse interaction between high
bearing stresses on neighbouring bolts. This is
discussed in greater detail in Section 5.2.6;

3. To eliminate any tendency to bursting or in-plane
deformation during drilling or punching; this
reason particularly relates to minimum edge
distance criteria;

4. To ensure adequate resistance to tear-out of the
bolts.

Maximum pitch and edge distance criteria are
required:

1. To eliminate local buckling of outer plies;

2. To ensure, in corrosive conditions, that an
integral paint film is maintained across the plate
interfaces, thus preventing any corrosion be-
tween the surfaces in contact.

Note that there is an adverse interaction between
these two considerations. Because corrosion pro-
ducts occupy a greater volume than the sacrificial
metal, any corrosion between the surfaces will cause
them to separate, increasing any tendency to
buckling. For this reason, maximum pitch criteria
are more severe than other geometric criteria that
control local buckling.

3.9.2 Clearance for bolt tightening

Figure 3.14 presents the necessary clearances for the
various methods of tightening bolts. Bearing bolts in
shear or static tension will usually be tightened by
spanner and under fluctuating tension have to be
tensioned to at least 70% of their proof load and all
general grade HSFG bolts must be tensioned to at
least their proof load. Up to and including M20
diameter such tightening can usually be most
efficiently carried out by hand. Above that,
clearance should be provided for a power wrench or
torque multiplier.
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3.2x
bolt
diameter

]_Q,I (a)‘

!31_&1.!
a
-

A

d
Size of bolt a b ¢ d-power
Mi2 23 27 30 500
M16 30 46 & 500
M20 30 46 60 600
M24 36 65 60 600
M30 49 78 70 700
M36 49 97 100 700
(b)
E
Reaction
arm
w
(c)
Size min. y
of v w* x to
bolt max. y,
M24 65 250 60 82
500 210
M30 78 270 65 89
600 260
M36 97 300 65 89
600 260

Upper figure is for hand wrench: lower figure is for
pncumatic wrench.

Figure 3.14 Clearances for bolt tightening. (a) Hand
spanner for ordinary bolts; (b) impact wrench for HSFG
bolts; (c) torque multiplier for HSFG bolts

Note that the clearances given in Figure 3.14 are
the minimum values for convenient working. Lesser
values than these can be used where necessary, after
consultation with the equipment manufacturers.
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Static behaviour and design of welds

4.1 Butt welds
4.1.1 Behaviour

The most critical form of loading on a butt weld is
transverse tension. Figure 4.1 shows the deformed
shape of a parallel-sided tensile coupon, after
testing, which included a full-penetration butt weld
transverse to the applied load. It is clear that this
properly executed butt weld had a greater static
strength than the parent metal. In addition, it can be
seen from its reduced transverse contraction that
the yield stress of the weld metal and HAZ parent
metal was considerably higher than that of the
parent metal which had not been affected by
welding heat.

Table 4.1 presents typical values for the mecha-
nical properties of weld metal! and contrasts these
with the values for the unaffected parent metal. The
elevation of the yield stress of the HAZ metal is
primarily due to the quenching effect which occurs
with the very high cooling rates in this region
immediately after the weld has been deposited. The
increased yield stress of the weld metal arises partly
from this effect and partly from additional alloying
constituents in the electrodes. (These alloying
elements will also have migrated into the heat-
affected zone, where they have a secondary effect
on mechanical properties.)

The increases in ultimate strength shown in Table
4.1 are due to similar effects. In the welded coupon
shown in Figure 4.1 there is an additional effect
arising from the differences in yield stress. Because
of this difference and the associated variation in area
reduction between the weld and other cross-sections
in the coupon the latter are subjected to a higher
true stress than the former. This is a further
encouragement for the specimen to fail away from
the weld.

Note that thes= increases in strength usually occur
at the expense of both ductility and toughness.
These advers- .ountereffects have.been minimized
by developments in electrode and flux chemistry,
but it is still unlikely that values as high as those of
the parent metal can be achieved. For many
practical situations an appropriate choice of elec-
trode is all that is necessary to ensure satisfactory

Figure 4.1 Parallel-sided tensile coupon containing full-
strength transverse butt weld, after testing

43
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Table 4.1 Tensile properties of base metal and butt welds

Tensile properties®

Material Direction 0.2%Y.S. T.S. El in R.A. Fractured point
50mm
(Nimm?) (Nimm?) (%) (%)
Specified value 2310 =490 - =30 -
Longitudinal 360 524 34.6 75.8 -
Base metal Transverse 363 523 35.5 75.2 -
Through-thickness 360 526 31.0 70.6 38t
. SMAW § n 520 21.4 73.0 Base metal
Weld joint gy~ Transverse 352 516 25.7 725  Base metal
SMAW S 483 592 25.9 74.9 -
Weld metal SAW Longitudinal 453 549 272 73 _
*Average of two test specimens.
behaviour. However, post-weld heat treatment’ T
should be considered in critical cases. nom Gngm
The above discussion on strength only relates to
full-penetration butt welds. Partial-penetration welds )
e

differ from the former in two important respects. As
shown in Figure 4.2, their use inevitably leads to a
local reduction in cross-section. Thus any tensile
overload will lead to severe local plastic straining of
the weld metal and HAZ and, as discussed above,
these materials already suffer from reduced ductil-
ity. The other problem with such welds is that it is
very difficult to be certain about weld root quality.
None of the repair techniques for full-penetration
butt welds, such as backgouging and sealing, can be
applied. Post-weld inspection of root quality is
impossible. Variations in root gap, which could have
a significant effect on weld root quality, cannot be
monitored after welding.

Figure 4.2 Partial-penetration butt weld

4.1.2 Design

It follows from the first part of the previous section
that no particular account need be taken of the
presence of full-penetration butt welds in design for
static strength. Design strength may be taken as the
same as parent metal strength for tension, shear and
compression.

Partial-penetration welds require greater care in
design. Because of concern over loss of ductility

Effective weld throat = anom =2 mm

Figure 4.3 Definitions of effective weld throat for
partial-penetration welds

some codes preclude their use in tension. Others
generally require that they should be treated in the
same way as fillet welds. In this latter case it is
necessary to define the effective throat. Figure 4.3
summarizes the definitions permitted by draft
Eurocode 3.3 It can be seen that no account can be
taken of weld reinforcement, unless a superimposed
fillet weld is specified.

As discussed in greater detail in Section 4.2,
simplified average stress concepts for welds are only
applicable if it is possible to satisfy equilibrium with
uniform stresses across the weld throat. Single-sided
partial-penetration welds loaded in tension are
clearly unable to satisfy this criterion, and their use
to transmit tension should be avoided if possible. If
not, the effects of eccentricity should be allowed for
in design.

Because of the difference in design strength
between full- and partial-penetration butt welds it is
necessary to define the changeover between the two
configurations. Some codes require, by implication,
that any lack of penetration should cause the weid to
be treated as a partial-penetration weld. However,
draft Eurocode 3 permits a degree of lack of
penetration provided that this is compensated by
suitable reinforcing fillet welds. Figure 4.4 gives the
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Figure 4.4 Criteria for a partial-penetration weld to be
considered as a full-penetration weld for static loading

details. Note that this relaxation only applies to
static strength; the fatigue performance of the weld
shown in Figure 4.4 would be markedly worse than
that of a true full-penetration butt weld.

4.2 Fillet welds
4.2.1 Behaviour

Figure 4.5 shows the variations in fillet weld
behaviour with relative direction of the load vector
to the weld axis.* When 6 = 0° the weld axis is
normal to the load vector, the so-called end-fillet
situation, and the weld develops a high strength.
Average throat stress at failure is similar to the weld
metal tensile strength. However, ductility is very
limited, with deformation at rupture being less than

0°

30°

g8 8 8 &

Average throat stress (N/mm?)
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o
o

1.0 ' 2.0
Weld deformation (mm)

Figure 4.5 Load/deformation curves for an 8 mm fillet weld
inclined at 8°. Weld length 50 mm; plate thickness 19 mm.
Ultimate strength of plate = 511 N/mm?; ultimate strength
of weld metal = 565 N/mm?
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I mm. At the other extreme, when 6 = 90°, the weld
axis is parallel to the load vector, the side-fillet
situation, and the weld shear strength is limited to
little more than half the weld metal tensile strength.
However, a side fillet exhibits considerably more
ductility; rupture occurs at over 2mm deformation.
Intermediate orientations show intermediate values
of both strength and ductility. Figure 4.6 shows
practical examples of side- and end-fillet weld
configurations.

The true distribution of stresses in a fillet weld is
complex. Figure 4.7 shows the total distribution of
stress resultants on a fillet weld under longitudinal
shear (P,), transverse ‘shear’ (P,) and transverse
tension (P,). In addition to the applied loading
there will be:

1. Moments M, and M, acting on the faces of the
weld. These may be necessary for overall
equilibrium;

2. Interface reactions Q arising from weld shrinkage
during cooling;

3. Residual stresses. R, the longitudinal residual
stress, is shown but there will also be self-
equilibrating residual stresses on the faces of the
weld;

4. Stresses which are part of the overall stress
system on the welded element. An example
would be the longitudinal bending stresses on the
flange/web welds in a plate girder under a
bending moment. (These stresses can generally
be ignored because the contribution of the weld
area to the overall resistance of the section is
negligibly small and these stresses can, in any
case, redistribute to the surrounding plates.)

Attempts at analysing weld behaviour rigorously
have not been very successful, with only limited
agreement with experimental data. Residual stresses
present particular difficulty, in part because of their
variability. Good agreement is unlikely to be
achieved until analysis can take proper account of:

1. The multiaxial stress state;

2. Variations in yield stress with cooling rate;

3. Residual stresses and their influence on initiation
of yield;

4. The flow rules which govern strain rates once
yielding has commenced;”

5. Strain-hardening effects.

In many circumstances it is possible to limit the
analysis to a simplified set of average stresses on the
weld throat. These are shown in Figure 4.8, the
notation used being the same as that of the IIW test
series discussed below. This simplification can only
be justified if the ductility of steel is recognized and,
most importantly, if it is possible to achieve
equilibrium with the applied loads with such a set of
average stresses. For example, it would not be
acceptable to base any analysis on average stresses
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where there was any primary moment applied to the
weld throat. In this case equilibrium could only be
achieved with some variation in o, across the throat.

The most successful simglified analytical
approach is that by Kamtekar.>® He analysed the
fillet weld under a simplified stress system, only
including the other reactive stresses that were
necessary for equilibrium. He further postulated
that longitudinal residual stresses would take a value
which maximized strength: this was justified because
he was using a lower-bound approach to the
analysis. This gave good agreement with some
experimental results, particularly those for tension
fillet welds. However, agreement in other cases was
less satisfactory. One of the most important
conclusions that he came to was to point out that
fillet weld shape is very significant for end-fillet
welds. If the leg lengths become unequal, making

Figure 4.8 Simplified average stress systems on fillet weld
throat

the critical throat more nearly parallel to the
direction of the applied tension, this will reduce
strength considerably. The optimum weld shape is
to make the ‘shear’ leg V3 times the ‘tension’ leg.
By contrast, small variations in side-fillet profile
have little influence on strength.

Because of the difficulty of carrying out satisfac-
tory analysis, considerable effort has been devoted
to obtaining experimental data, and one of the most
effective early reviews of experimental data’ led to
the form of presentation of results that is shown in
Figure 4.9.

G /!
Detail

. a Detail b

Details

o, tension (N/mm?)
F-y
=)
=)
1

Envelope of test results

0, compression (N/mm?}

Figure 4.9 Fillet weld strength under combined stresses.
Classification of details: a — pure tension weld; b — nominal
‘tension’ weld; ¢ — longitudinal shear weld; d - transverse
shear weld




Subsequently, an international test series was
instigated by the International Institute of Welding
in 1960. In this collaborative test programme
experiments were carried out in ten countries over a
period of eight years. These tests had the particular
objective of obtaining a better understanding of the
partition of load between end- and side-fillet welds
in practical joints.?

The study was limited to those situations where
average stresses on the weld throat could justifiably
be used; all the results are presented in terms of
those stresses and are summarized in Figure 4.9.
The vertical axis is the normal stress at failure on the
weld throat o). Originally a three-dimensional
presentation was used with separate, orthogonal
horizontal axes for 1) and 1. However, it was found
that the interaction surface so created was, within
the limits of experimental variation, a surface of
revolution about the o) axis. The two-dimensional
presentation shown was therefore adopted, with a
horizontal axis of the vector sum of the two shear
stresses.

It can be seen that the weld is somewhat stronger
in nominal tension (i.e. with equal magnitudes of
tension and transverse shear on the weld throat)
than in pure shear. It can also be seen, as might be
expected, that fillet welds are stronger in compress-
ion than in tension.

4.2.2 Design
Background

The simplest approach to design is to ignore the
variation in fillet weld strength with load direction
and to limit the throat stress to a certain value. The
applied loads per unit length are summed vectorially
and then divided by the weld throat size to
determine the average throat stress. This throat
stress is sometimes, erroneously, called the weld
shear stress; in practice it could contain elements of
tension or compression. This design procedure is
effectively that of working to some inscribed circle
within the envelope of weld strength shown in
Figure 4.9.

There is some international disagreement about
the value of design strength to be used with this
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design approach.” Table 4.2 summarizes codified
values. Variations in design strength are probably
more a reflection of differing levels of concern over
workmanship rather than fundamental differences
in understanding of weld metal strength.
Alternatively, design strength can be varied with
direction of applied load vector. Most methods are
variations of the basic International Institute of
Welding strength formula that is given below. As
the test programme proceeded it became clear that,
provided equilibrium could be achieved in the
presence of average throat stresses, strength was
governed by the effective stress (o) given by:

oy = BVIo* + v(r)2 + )]

where o) is the direct stress on the weld throat,
T) is the shear stress on the weld throat
normal to the weld axis,
T) is the shear stress on the weld throat
parallel to the weld axis.

It was found that y could take varying values
between about 1.8 and 3.0. It was finally decided to
make y = 3.0, at least in part because of the
consequent similarity with the von Mises yield
criterion. In any case, the higher value is more
conservative because it make the shear stress more
damaging. However, it should be noted that the
above formula relates to interactive resistance to
rupture, not onset of yielding. f was a function of
parent metal and weld metal strength. If the design
strength o, is related to parent metal strength then
the lower the parent metal strength, the lower could
be the value of . This is because the ratio of weld
metal strength to parent metal strength increases
with decreasing parent metal strength. Initially (and
indeed in some current codes) B was made a step
function of parent metal strength. Typical values
are:

B =0.7 for 240 < o,

p = 0.8 for240 < g, < 280
B = 0.85 for 280 < o, < 340
B =10 for 340 < o, < 400

However, as shown in Figure 4.10, this produces
undesirable steps in a graph of weld metal strength
against parent metal strength. Other codes have

Table 4.2 Codified values of design strength of fillet welds — simple (direction-

independent) method (N/mm?)

BS 449* BS 5950 BS 5400: ECCS Draft

AISC* Ontario

x 1.6 Part 3 Eurocode 3 x 1.6 Bridge
Grade 43 184 215 187 177 198 199 207
Grade 50° 256 255 193 241 205 232 247

®Allowable stress code, stated load factor applied to code value.

®Assuming E51 electrode is used.
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Figure 4.10 Relationship between weld ‘strength’ and
material strength

managed to overcome this by making B a linear
function of o,. Table 4.3 summarizes the different
formulae used by the more common codes for
direction-dependent fillet weld design.

Choice of strength assessment method

Many modern codes give the designer a choice
between the simple and direction-dependent
methods of strength assessment. However, there is
little guidance on which method to use. In practice,
the choice is usually made on practical grounds, as
illustrated in Figure 4.11. It is simply not feasible to
use the direction-dependent method for situations
where the load vector direction varies around the
weld group. Thus this method is limited in
application to cases of pure shear, tension or
compression. Where the simple method is used, the
stress is taken as the vector sum of the force
components acting on the critical portion of the
weld, divided by the throat area.

| Tension

1 Shear
i

N

Compression

(a) {b)

Figure 4.11 Connections where (a) simple weld design and
(b) direction-dependent weld design methods are likely to
be used

Design of ‘full-strength’ fillet welds

It is frequently necessary to design fillet welds to
develop the full strength of the attached plate in
shear, tension or compression. Table 4.4 summa-
rizes the weld sizes necessary to achieve this for the
common codes and different methods of strength
assessment. The advantage of using the direction-
dependent method for tensile and compressive
loading can clearly be seen. It is interesting to
compare the results obtained with the traditional
‘rule of thumb’ for such welds in mild steel, which
was simply to ensure that the sum of the weld
throats (Za) at least equalled the plate thickness (¢).
For Grade 50 steel the corresponding rule is that the
sum of the throats (Za) should be at least 1.2 times
the plate thickness (f).

Table 4.3 Codified design approaches for fillet welds, taking account of variation in

strength with direction of loading

(o, + 455)

2¥m¥13

o = BV[o + 3(1)> + vP)] # o, and 0, # oy

BS 449 nil
BS 5950 nil

BS 5400: Part 3* Vio? + 3(v2 + vl #
ECCS

Eurocode 3 Similar to ECCS

AISC nil

Ontario Bridge code  nil

“Discounting & in equation 14.6.3.11.2 (code crror).
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Table 4.4 Ratios of minimum throat size to attached plate thickness (a/f) to develop
full strength of attached plate, with symmetric fillet welds

Shear Tension
Simple Direction  Simple Direction
dependent dependent
Grade 43 50 43 43 50 43 50
Code
BS 449 0.50 050 - 0.67 0.67 - -
BS 59504 038 042 - 0.50 0.50 - -
BS 5400 0.43 051 039 046 04% 037 gsec g5
: : : : 0.68* 0.79° ) :
ECCS
Eurocode 3} 0.40 050 040 050 070 087 057 071

*Value for end fillets in end connections.
bValue for other tension connections.
‘Discounting k in equation 14.6.3.11.2 (code error).

9Bascd on design strengths of 275 N/mm? for Grade 43 and 355 N/mm? and E51 electrodes for Grade 50.

Design of welds of minimum size for ductility of the
connection

It is not uncommon to have to design welds of a
minimum size for the connection to behave in a
ductile manner under tension or shear (i.e. so that
the parent metal yields rather than the weld). This
usually arises because of some uncertainty over
detailed load paths through the connection. In such
circumstances full-strength fillet (or butt) welds
should generally be specified. In circumstances
where considerable ductility may be required it
would seem appropriate to ensure that:

For Grade 43 Za £ 1.2t
For Grade 50 Za £ 1.4¢ (i.e. leg length = 1)

The reason for this additional conservatism is to
cover the situation where the parent plate has
mechanical properties that are significantly greater
than guaranteed minimum values.

4.2.3 Geometry

In addition to considerations of strength, any
method of strength assessment has to consider
details of weld geometry. Fillet welds are usually
defined by their leg length, but calculations relate to
the weld throat.

(b)

Figure 4.12 Definitions of effective throat for (a) normal
welding and (b) deep-penetration and submerged arc
welding. p is penetration of deep-penetration weld,
demonstrated by procedure trials. For submerged arc
welding, @ may be increased by the lesser of 0.24 and 2mm
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As indicated in Figure 4.12(a), the effective weld
throat is usually defined as the length of the
perpendicular from the inclined side of the largest
inscribed triangle of the weld. Where submerged arc
or deep penetration welds are used, the effective
throat may be increased in recognition of the greater
penetration. Details vary slightly from code to code;
Figure 4.12(b) shows typical values of the increase in
throat dimensions permitted for calculation.

Fillet welds are particularly prone to defects at
start and finish positions, and craters are likely to
form as the weld pool cools and contracts. More
rigorous codes of practice require strength assess-
ment to be based on effective weld length, that is,
weld length minus a leg length for each start and
stop position. For continuous welds the difference is
not very great but it can become significant for
intermittent ones.

4.3 Secondary considerations in fillet
weld design

4.3.1 Single-sided welds in tension

Figure 4.13 compares symmetric and non-symmetric
fillet welds in tension. It is not possible to postulate
any uniform distribution of stress on the fillet weld
throats of the non-symmetric welds in Figure 4.13(a)
which can be in equilibrium with the applied load.
The eccentricity between the line of action of the
load and the throat centroid inevitably creates a
moment on the weld throat. This is in contrast to the
symmetric .arrangements of Figure 4.13(b). Here,
although there may initially be some variation in
stress across the weld throats, only modest ductility
will be required for this variation to be redistri-
buted. By symmetry, uniform stress fields on the
weld throats can be in equilibrium with the applied
load.

P

=

(a) (b)

Figure 4.13 Examples of (a) unsatisfactory and (b)
satisfactory welds for tension connections

All the methods of strength assessment discussed
in Section 4.2 are based on a consideration of
uniform stresses on the weld throat. It follows that
these methods cannot be used for any single-sided
fillet weld in tension. In practice, it is found that the
behaviour of such welds is very variable, particularly
where the greater tension is on the weld root. Many
codes preclude the use of such welds, and this is
certainly sound practice. Others permit them,
provided that proper account is taken of the
eccentricity. Where such welds are permitted it
would seem prudent to assume, conservatively, that
all the moment is transmitted to the weld throat (in
practice much of it may be carried by some other
restraint) and then to ensure that an elastic
summation of the weld throat stresses does not
exceed the basic weld design strength.

4,3.2 Short, widély spaced side-fillet welds

For most practical purposes it is possible to ignore
the influence of the deformation of the connected
parts on the distribution of forces in the weld and
hence on the connection strength. However, a
particular problem arises with short, widely spaced
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Figure 4.14 Behaviour of short, widely spaced fillet welds.
(a) Stress distribution; (b) modes of failure; () loss of
efficiency




side-fillet welds.!® The shear deformation that
occurs in the attached plate causes two effects. As
shown in Figure 4.14(a), stress concentration
develops at the end of the fillet weld that is
superimposed on the stress concentration that would
exist in any case due to extensional strains. Second,
transverse contraction and in-plane bending occur,
which produce additional loads on the welds.
Figure 4.14(b) shows the alternative modes of
failure that can develop. If weld strength is critical,
transverse tearing is likely to occur. If plate strength
is critical, tearing may develop from the embrittled
HAZ. In either case there can be a significant loss in
efficiency. This is summarized in Figure 4.14(c).
Most codes of practice preclude the use of
connections with side fillets only where b, the
spacing between the welds, is greater ‘than /, the
individual weld length. It can be seen that if this
limit is adhered to, efficiency will not drop below
75%. Where b/l ratios of more than 1.0 have to be
used, end fillets must be added to the connection.

4.3.3 Long weld effects

Figure 4.15 shows another situation where the
deformation of the connected parts influences the
distribution of forces in the weld and weld strength.

L. Qj:

[x

-}

Y

Section X-X

Weld shear stress

Distance along weld

Figure 4.15 Behaviour of long fillet welds: effect of plate
extensions on distribution of weld shear
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In this case it is the variation in extension of each
element along the length of the connection that
causes the variation in weld shear along the length.
There is a similar, but more severe, effect in a
long-bolted splice, and a detailed discussion of the
phenomena is presented in Section 5.2.6. In the
context of welded connections the effect is of limited
practical significance, because of the ductility of
fillet welds in shear. The effect is covered in most
codes but will only lead to a reduction in capacity for
welds over 1.5m in length.

It should be emphasized that the effect only arises
because of the incompatibility of longitudinal strain
between the two elements. Reductions need not be
made for situations where no such incompatibility
exists (for example, the web/flange welds in a plate
girder).
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Static behaviour and design of bolts and

bolted connections

5.1 Introduction

With many connection configurations there is
considerable interaction between behaviour of the
bolts and that of the connected parts. It therefore
seems most logical to discuss both sets of topics
within the same chapter.

Under each general heading the behaviour of
simple connections (i.e. single-bolt connections in
shear, double-bolt connections in tension) is discus-
sed first, because this is the clearest way of
presenting the principal aspects of behaviour.
Subsequently the discussion is extended to include
the significant features of multibolt connections.

5.2 Dowel bolt connections in shear

5.2.1 General: implications of clearance holes
The behaviour of typical single-bolt connections in
shear is shown in Figure 5.1.! If the connection is

1001

Joint assembled in tension \

804

o
(=]
1

Load {kN)

not assembled in bearing it will slip as soon as the
applied load has overcome the modest friction at the
interface. With normal clearance holes this slip may
be as much as twice the bolt clearance in extreme
circumstances, i.e. up to 4 or 6 mm, depending on
the bolt size. In practice, in multibolt connections
mismatch of the holes is likely to reduce this
movement considerably.

Once in bearing, the connection will behave
linearly until yielding takes place at one or more of
the following positions:

1. At the net section of the plate(s) under combined
tension and flexure;

2. On the bolt shear plane(s);

3. In bearing between the bolt and the side of the
hole. (Near a plate edge ‘bearing’ is taken to
include local shearing and other deformations in
the plate that are caused by bearing action.)

The response of the connection becomes progres-
sively more non-linear as plasticity spreads in the

Joint assembled in compression

-—j-——————__» Figure 5.1 Behaviour
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presence of strain hardening until failure occurs at
one of the critical locations listed above.

The point of initiation of yielding and the mode of
failure of the connection will depend on its
proportions and the relative material strengths of
the components. Each aspect of behaviour is
discussed separately below.

5.2.2 Single-bolt connections — tension on the
net section

If the connection is narrow, with edge distances
close to the permitted minimum, it is likely that, at
least for thin plates, the critical element will be the
net section in tension.? If the speciment is symmet-
ric, with the bolt in double shear, there will be no
bending on the net sections. In such circumstances it
will be found that the failure load will correspond to
approximately 1.05 X net section area X material
tensile strength. The slight increase in strength
above that predicted by simple theory is due to the
restraint offered to the net section by the less highly
stressed, neighbouring gross section.

If the bolt is in single shear there will be
co-existent out-of-plane bending stresses on the net
section during loading. However, as such a speci-
ment approaches failure, the bolt will rotate so that
it is partly in tension and partly in shear. The effect
of this will be to reduce the moment on the net
section; this reduction will be most significant for
thin plates, those most likely to be critical in tension.
The effect of this reduced bending will still be to
reduce the net section capacity below that given by
simple theory. However, this capacity is unlikely to
drop below 0.9 X net section area X material tensile
strength.

Traditionally, the design strength of the net
section was related to the product of the net section
area and the basic tensile design stress. However,
some codes of practice now permit a local increase
in stress on the net section. It is argued that a local
exceedance of yield over a small proportion of the
member length at the collapse limit state is unlikely
to lead either to unserviceability of the structure at
the appropriate, lower, load factors or to cause any
major redistribution of forces at the collapse limit
state.

5.2.3 Bolt shear

Figure 5.2 shows the behaviour of both high-
strength, Grade 8.8, and black, Grade 4.6, bolts in
shear. The most notable feature is that behaviour is
influenced considerably by the position of the
threaded portion of the bolt relative to the shear
planes. The presence of threads in the shear planes
reduces both strength and deformation capacity
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Figure 5.2 Typical load deformation graphs for 20
mm diameter bearing bolts in shear

markedly. Note that with modern detailing it is
likely that threads will extend into one or both shear
planes in many practical connections unless specific
action is taken for their exclusion. Traditionally,
design was based on shank area of the bolt and a
reduced value of shear strength to account for the
possible presence of threads. Current codes general-
ly require the use of the true cross-sectional area and
a more realistic design shear strength.

Figure 5.2 also draws attention to the consider-
able variation in shear strength between Grades 4.6
and 8.8 bolts. It would appear that they have similar
deformation capacity, but this is rather misleading.
If an 8.8 bolt is examined after failure in shear it will
have been found to have deformed by approximate-
ly one-sixth of its diameter. The considerably
greater total deformation shown in the figure
includes the deformations to the edges of the holes,
in bearing. A 4.6 bolt will typically have deformed
by one-quarter of its diameter after failure. How-
ever, the total deformation of the assembly will not
be markedly different from the less ductile (higher-
strength) bolt. The greater bolt deformation will
have been compensated by the lesser bearing
deformation because of the lower bearing stresses.

It is customary to compare shear strength with
tensile strength. For rivets, where there is little
variation in cross-section along the length of the
fastener, an experimentally determir~d ratio for
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single shear would typically be:

Ultimate shear strength
= 0.7-0.75

Ultimate tensile strength

For bolts with the shank in the shear plane a
corresponding ratio is 0.8. Here the increase is due
to the different cross-sections involved; shear is
acting on the gross section while tension is acting on
the reduced section through the threads. For bolts
with threads in the shear plane the ratio is likely to
be 0.63, notably less than the traditional value for
rivets. This reduction would seem to be related in
some way to stress concentration effects associated
with the threads.

5.2.4 Single-bolt connections — bearing on the
plate

Where a large-diameter bolt passes through relative-
ly thin plate the critical mode of behaviour will be
the bearing of the bolt against the plate. (A
superficially similar set of bearing stresses is created
in the bolt. The reason that these will not generally
govern design is discussed in the following section.)
This mode of behaviour is generally monitored by
regulating the nominal bearing stress, that is, the
load transferred between the bolt and plate, divided
by the projected nominal contact area (bolt
diameter % thickness).

Figure 5.2 also shows the behaviour of a
connection where bearing is critical.” The extreme
ductility of this mode of behaviour can be seen.

ou/0f

Deformations of over half the bolt diameter will
usually occur prior to failure. However, only limited
account can be taken of the latter part of the
response curve, because of the need to limit
deformations at working load.

The region of highest bearing stress in the plate is
triaxially restrained. Transverse restraint is provided
by the surrounding plate; through-thickness res-
traint develops from pressure under the bolt head
and nut. Because of this triaxial restraint very high
bearing stresses can be sustained, and these are
discussed in detail below.

Because of this triaxial action, bearing behaviour
is influenced by the proximity of plate boundaries.
Away from a boundary or neighbouring holes,
significant hole elongation commences at a nominal
stress of about 2 X uniaxial plate yield stress but
failure will not occur until about 3 X ultimate plate
tensile strength. Figure 5.3 shows the effect of a free
boundary close to the bolt and normal to the
direction of loading.*> Once the end distance is less
than 3 X bolt diameter, the free boundary reduces
the in-plane containment and modifies behaviour. If
the specimen is wide, it will fail by shearing from the
edges of the hole towards the plate edge. It is found
that bearing strength is approximately a linear
function of end distance. Thus ultimate bearing
strength will be approximately 2.0 X plate u.t.s. for
an end distance of 2d.

Edge distance will also influence behaviour.? The
mode of failure described above (and illustrated in
Figure 5.4(a)) will only occur if the specimen is
sufficiently wide for the net section not to yield in
tension prior to failure in bearing. If the specimen is
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narrow, so that yielding of the net section in tension
precedes bearing failure, it will fail, as shown in
Figure 5.4(b). The tensile yielding of the net section
reduces the in-plane containment to the regions of
high bearing compression. The end of the specimen
splays out as transverse tension near the free edge
develops to try to contain the bursting action.
Finally, the specimen will fail in transverse tension
at the free boundary, at an ultimate bearing stress of
approximately 1.9 X plate u.t.s. for an end distance
of 2d. If the bolt is in single shear, so that it is free
for its axis to rotate from its original orientation,
out-of-plane effects modify behaviour further, as
shown in Figure 5.4(c). Net section yielding will
occur earlier due to the out-of-plane bending. The
bolt head or nut will dig into the plate at the net
section, tending to crop it. Because of these effects,
the ultimate bearing stress will reduce to 1.75 X
plate u.t.s. for a narrow specimen.

The presence of threads in the bearing zone will
increase the flexibility of bearing behaviour.?® At
the lower deformations, which are of concern for
serviceability, threads will almost double the de-
formation at a given bearing stress. However,
threads in the bearing zone do not reduce bearing
strength. Indeed, once the threads have dug into the
plate they provide additional through-thickness
restraint — in some instances this will increase
bearing strength.

5.2.5 Bolt bearing

Surface-bearing stresses similar to those in the plate
are induced in the bolt. However, the bolt is subject
to even more effective triaxial containment than the
plate. The shape of the bolt and the nature of the
bearing contact provides circumferential restraint.
Through inner plies, where bearing stresses are
usually greatest, bolt flexure induces longitudinal
compression, which provides restraint in the third
direction. The result of this restraint is that in a
bolted connection with similar materials (say, Grade
4.6 bolts and Grade 43 plate) only very modest
indentation and marking of the bolt will occur even
as the plate fails in bearing. If bolts of higher grade
are used there will only be surface polishing on the
- bolt.

It is possible to induce bearing failure in bolts but

only by using them in connections with very
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Figure 5.4 Failure
modes of plates in
bearing

Section of X-X
{c)

high-grade plates — a situation that does not occur in
practice. Figure 5.5 shows three Grade 4.6 bolts that
were tested in connections made from material with
a yield stress of 700N/mm?.” It illustrates the
interaction that will occur between bolt shear and
bolt bearing in these extreme circumstances. In the
left-hand example the bolt has primarily failed in
double shear, despite being subjected to bearing
stresses of over 1000 N/mm?. In the central example
the failure mode is an interaction of shear and
bearing modes. It is only in the right-hand example
that a true bearing failure has occurred. There is no
significant deformation to the bolt face opposite the
region of high bearing stress. Superficially, it
appears that the bolt material has suffered a
volumetric change; in practice, the material has
flowed longitudinally, increasing the bolt length.
This bolt material sustained bearing stresses in
excess of twice ultimate tensile strength. This very
high figure indicates why it is not generally
necessary to consider bolt bearing in design. The
excessive ductility of plate bearing is also absent, so
the full strength can be mobilized. However, note
that, in BS 5950, Part 1, the bolt capacity does
govern the bearing design for Grade 4.6 bolts. The
authors consider that this is simply an anachronism:
there are no similar clauses in other codes.

5.2.6 Multibolt connections

When the preceding basic understanding of single-
bolt connections is applied to practical multibolt
ones some additional aspects of behaviour must be
considered.

Critical net sections

In multibolt connections selection of the critical
section may no longer be obvious. Where the
connection is subject to torsion and shear, or where
members are only partially connected, the critical
section may not just be subject to tension. Guidance
on net section considerations is given in Section 7.3.

Bolts in shear in mismatched holes

Figure 5.2 illustrates the limited deformation
capacity of bolts in shear. Where threads are in the
shear plane the bolt is likely to have failed before it
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Figure 5.5 M20 Grade 4.6 bolts after failure under
combined shear and bearing

has sustained a deformation of 4mm. Hole mis-
match with normal clearance holes can equal this
value. It is clear that distribution of shear between
bolts in the presence of a mismatch will be
substantially different to that given by any theoretic-
al analysis which ignores this misalignment. Some
bolts in a group may not be in bearing contact, and
therefore cannot be contributing to connection
strength when others rupture. The effect of this was
illustrated in Figure 1.3.7 The 40% reduction in
strength observed there might be exceeded in other
situations. Because of this uncertainty, a conserva-
tive approach to connections where bolt shear is
critical would seem prudent. Methods of analysis
which assume or imply plastic redistribution of shear
between bolts, other than that necessary to
accommodate hole mismatch, should be avoided.

Bearing in multibolt connections

Because high bearing pressures only occur in the
immediate locality of each bolt it is reasonable to
discuss bearing behaviour in a multibolt connection
in terms of the sum of the behaviours of the
individual bolts, subject to the interactions discussed
below. Figure 5.2 also illustrates the substantial
ductility of individual bolted connections where
plate bearing governs. Because of this ductility it is
possible to be more sanguine about possible
redistributions of load between bolts — provided that

no redistribution of bearing stresses could lead to
individual bolts being seriously overloaded in shear.

Because of the complex set of stresses set up in
the plate by bolt bearing there is an interaction
between neighbouring bolts if they are spaced at or
near minimum pitch. Figure 5.6(a) illustrates one
extreme case where the line of bolts is transverse to
the applied load.? Here there is a beneficial
interaction, because the in-plane bursting actions of
neighbouring bolts cancel each other out. Thus it is
only necessary for ‘external’ in-plane transverse
restraint to be provided at the ends of the bolt
group, as indicated by the transverse arrows, this
restraint being provided by in-plane bending of the
plate from the net section and lateral tension near
the free end. Figure 5.6(b) shows the other extreme
case where the bolts are in a line parallel to the
direction of the applied load.? Here the bursting
action of the neighbouring bolts is cuamulative, as all
the bursting actions are separately trying to spread
the plate. For example, at a pitch of 2.5d there is
insufficient material between the bolts to provide
the same in-plane transverse restraint as a single bolt
at an end distance of 2d (the single-bolt case with the
comparable amount of transverse cross-section per
bolt). With these dimensions it is found that there is
a 10% reduction in ultimate bearing stress.® This is
not sufficiently serious to warrant special treatment
in design. However, if the material between the
bolts was reduced further (for example, by some
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Figure 5.6 Bearing interaction between neighbouring bolts
at minimum pitch. (a) Line of bolts transverse to applied
load; (b) line of bolts parallel to applied load

modification to the hole sizes) the adverse interac-
tion would become severe. In particular, if oversize
or slotted holes are used for any reason it is
important to ensure that the material cross-section
between bolts is not reduced below that which
would exist with normal clearance holes at minimum
pitch.

Large connection effects

In general, methods of analysis for bolted connec-
tions ignore the deformation of the connected parts.
In reality, incompatibilities will arise because of
variations in strain between neighbouring elements.
For any given magnitude of strain difference the
incompatibility will be a linear function of size. With
connectors of limited deformation capacity there
will be a size above which the bolt deformation
capacity will be insufficient to accommodate this
incompatibility.
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Figure 5.7 Effect of splice length on distribution of bolt
forces in a long connection

This scale effect is most marked in tension splices,
and considerable research has been carried out to
quantify the effects.” Figure 5.7(a) shows schemati-
cally the distribution of average stress, and hence to
a different scale average strain, in the plies for a long
splice. The shaded areas of the two graphs are
therefore measures of the elongation of the plies
between the mid-point and the left-hand end of the
connection. Since the central ply is subjected to
greater deformation than the outer over this portion
of the splice it follows that, as shown in Figure
5.7(b), there will inevitably be greater deformation
in bolt A than in bolt B. In the other half of the
connection the relative magnitudes of the deforma-
tions are reversed, again leading to a greater shear
deformation in bolt C than in bolt B.

Figure 5.8(a) shows the effect of this on the
distribution of bolt forces in a long joint and the
resulting loss of efficiency. The principal parameter
influencing this loss in efficiency is overall joint
length, and their relationship can be seen in Figure
5.8(b). In this context it should be noted that the
relevant length is the length over which the load
transfer takes place.

The above discussion relates to tension splices.
Similar effects would exist in other large connections
if similar incompatibilities could develop. In such
circumstances it would seem prudent to apply the
same reduction factor on connection strength.

5.2.7 Design

Tables 5.1 and 5.2 summarize the design strengths
of the more common bearing bolts in accordance
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Figure 5.8 Incompatibility of axial deformations in long-bolted joints. (a) Load
partition in long joint; (b) effect of joint length on joint strength

with current codes of practice. When determining
design strength in shear the designer should,
of course, take the lower of the shear and bear-
ing strengths.

Appropriate calculations show that ‘factors of
safety’ are higher for bolts than for most other
structural elements. For shear strength this would
appear to be because of concern over lack of
ductility and the problems of unequal load distribu-
tion between bolts, as discussed in Section 5.2.6. For
bearing strength the primary concern is to limit
deformations at working load levels to acceptable
values.

In addition to guidance on design strength, most
codes of practice make reference to several points
discussed in this section.

5.3 Tension connections
§5.3.1 Bolts in tension

Figure 5.9 shows the load/deformation relationship
of three typical bolts.'™!" Tensile strength is
governed by the threaded portion of the bolt, within
the stressed length. The effective area of the
threaded portion (the tensile stress area) is based on
the core diameter plus the area of the single thread
that cuts the failure section. For the ISO thread
profile that is commonly used it has the value

n(d — 0.9382p)?

4

where d is the shank or nominal diameter (mm),
p is the pitch (mm).




59

on connections

5.3 Tens

P unYl SSI] 10U IDURSIP PUD SINSSY,
‘saueyd 1ROYS YI0Q UI SPEIIY SIWNSSY,

STIv/SHe 0ge/9LT S LYULOLT 861/991 sol/eel e1p ol 66/8°78 Loty ¥ 01 [4Y4 195 0t
—/9LT YT/ 0TT 861/991 P 8S1/67TEL ceiv ol 9°SO1/E 88 C6LIT9 L'v9C yTel 6861 1333 (4
0ZT/v8l S9l/eel ey oLl 011726 88/9°EL 99/T°6% LE8l 616 €0l SvT 0z

—/TLyl oLl 9°601/L"88 £8/9°¢L P OL/I6'HS LAY A4 LLl 6°8S LoL LSl 91

—/T99 99/T°Ss LAY(A 474 96L/1°¢L ey 9le 6'LE €8 [4!

sioq 8'8

LS61/L7661 9°'961/9°951 sroel/s ot v 01/p v01 £ RL/E8L soLl 868 P60l 19¢ 0t

6T/ STl LA VAl SER/S'ES 9°79/9°79 el §98 889 £5¢ ¥

LB/LY 9°69/9°69 IS P'8L 76t 8Ly 344 174

L7SSIL'SS L7004 o8 16T 90t LSt 91

elele Lz sel V9l €8 [4!

51109 9°¢

(NY) (NY) (NY) (NY) (NY) (NY) (NY) (NY) (NY) (NY) (;uiu) (ww)
wu ¢z ww o7 w gl iz ww g wu g w9 gnoq 218uig pnaip ‘oIp
(0S apraDy sy apvan)) Surmag ADHYS UoIsU3 | §$2415 ‘WON

sanpvdpd jjog

(oc6) (0L6) scv  sev iy ™d jj0q uo Suueag
0ss 09y (0ss) (0ov) £1d pa12ouuo0s uo 3uueag
SLe sLe ol 09l sd 1eays

0sy 05y S61  S6l 'd uoisua,

apesd joaig
spesd yjog

0s 194 0s 137
8|8 9y

sy18uauis usisaqq
I M8 0565 S4 03 SHoq AK1euipao Joj ejep udisaq I'S AqEL




60  Static behaviour and design of bolts and bolted connections

Table 5.2 Design strenghts of bearing bolts according to BS 5400:

Part 3 (ultimate limit state)

Bolt grade 4.6 8.8
Tensi 35 549.5
cnsion G, 2 - 178 a6
YmYe 1.2 x 1.1 1.2 x 1.1
h 0.85 x 235 0.85 X 549.5
Shear __a, = 116.7 U85 X 5495 _ 54
Ym¥rs V2 1.1 x 1.1 x V2 1.1 x 1.1 x V2

Bearing” k kaksks0,

0.85 x 1.97 x 1.2 X 1.0 x 235

‘YmYB
(Grade 43, L = 2d, T < 16 mm)

1.05 x 1.1

, 0B85 X 1.97 x 1.2 x 1.0 x 275
= 409 N/mm-

= 478 N/'mm?

1.05 x 1.1

Bolt capacities

Nom. Stress  Tension Shear' Bearing" (Grade 43/Grade 50 for 8.8 bolts)

dia. area Single  Double 6 mm 8mm 10mm 12mm ISmm  20mm  25mm
(mm)  (mm’) (kN) (kN)  (kN) (kN) (kN) (kN) (kN) (kN) (kN) (kN)
4.6 bolts

12 84.3 150 9.8 19.7 29.4

16 157 279 18.3  36.6 39.2

20 245 44.6 28.6 57.2 49.0 65.3

24 353 62.8 412 824 58.8 78.3 97.9

30 561 99.9 65.5 1309 73.4 98.0 122 147

8.8 bolts

12 843  35.1 23 46.0 34.4/44.4  45.9/—

16 157 65.3 428 853 45.9/59.2  6L.1/79.0  76.4/98.8 91.8/—

20 245 102 66.9 133 57.4/74.0  76.4/98.8  95.2/123  114/148  143/—

24 353 147 96 193 68.8/88.8  9L.7/118  114/148 1387178 172/222  221/—

30 561 233 153 306 86.0/111 115/148 143/185 172/222 2147277 277/360  346/—

*Assumes threads in both shear plancs.
PEnclosed bearing values with an end distance of 2 x o

200

Load (kN)

100 -

Grade 8.8,2 =105,6 =3 mm

Grade 8.8,a = 106, b = 20 mm

-

Grade 4.6,2=70,6 =20 mm

b

Elongation {mm}

Figure 5.9 Tensile behaviour of dowel bolts

The deformation capacity of the bolt is a function
of material properties, the ratio of the shank to the
tensile stress area and the length of thread in the
stressed length. Generally:

Tensile area .
Shank area
Boilts of Grade 8.8 and above have a ratio of:

Proof stress
——— = (.8 or more
Ultimate stress

Thus such bolts may have failed in tension on the
threaded portion before they have yielded on the
shank. As shown in Figure 5.9, the ductility of such
bolts is influenced considerably by the length of the
threaded portion in the stressed length.

Grade 4.6 bolts should have a ratio of yield
stress/ultimate strength that will allow substantial
yielding of the shank before rupture. However, it is
not uncommon in such bolts for this ratio to rise
above 0.8, in which case they will behave in a similar
way to heat-treated bolts. In order to ensure




reasonable deformation capacity it is therefore
important to check that there are at least three full
threads, plus the thread run-out, in the stressed
length of Grade 4.6 and 8.8 bolts. Higher-grade
bolts have lower minimum elongation requirements
and should have correspondingly longer threaded
portions in the stressed length. The Grade 4.6 bolt
response shown in Figure 5.9 is that of a typical ‘soft’
bolt. The greater deformation capacity of such a bolt
compared to a Grade 8.8 can clearly be seen.

If the nut is of the same strength grade as the bolt
there is a considerable chance that fastener failure
will be by thread stripping. This is particularly true
of Grade 4.6 bolts because of the free fit permitted
for the threads of such fasteners. However, pro-
vided that both thread forms are within specified
geometric tolerances, such a mode of failure should
always have been preceded by yielding of the bolt in
tension and adequate ductility will be achieved.

However, if either the nut material is weaker than
that of the bolt or the thread interlock is less than it
should be because of some deviation from permitted
tolerances then stripping of the threads may occur
prior to yielding of the bolt.!? Figure 5.10 illustrates
the most likely mode of failure. Initially, yielding of
the threads increases the bursting action on the nut
(1). The lower portion of the nut is then likely to
yield under the combined action of local shear,
compression and flexure on the threads, hoop
tension, cylindrical shear and bearing compression
(2). The nut will expand during this yielding,
reducing thread interlock and causing further
bursting action. The associated nut taper may be
visible (3). Also cylindrical shearing deformation of
the top of the nut is usually visible prior to failure
4).

This mode of failure can be very abrupt,’
particularly with long bolts which can store sufficient
strain energy to increase the plastic damage to the
nut once an individual nut/bolt combination has
passed its maximum load-carrying capacity. There
will usually be little or no warning of incipient
failure other than slight evidence of nut deforma-
tion. If, in any tensile connection, nuts are observed

Figure 5.10 Thread-stripping mode of failure (nut weaker
than bolt)
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to have expanded or show signs of shear deforma-
tion on the unloaded face they should be replaced
and the cause of the damage ascertained. They may
well be very close to an abrupt, possibly explosive,
failure.

In the early days of bolt development head failure
would sometimes occur. This is another undesirably
sudden mode of failure. Concern for it led to the
introduction of both the head-soundness and the
wedge-loading tests in current bolt specifications.
These are important parts of the quality control of
bolts. One author can recall a case where they were
dispensed with through haste with a batch of Grade
12.9 bolts that had been manufactured to order.
Some 24 hours after these bolts had been inserted
and torqued to proof load most of the heads came
off, in the absence of any external tension!

5.3.2 Bolted connections in tension: prying
action

In practice it is not possible to separate the
discussion of bolts in tension from that of the
surrounding elements. Flexure of the connected
parts may lead to a significant increase in bolt load
due to prying action. Figure 5.11 shows the
variations in behaviour that can occur in a simple,
two-bolt, connection.’

Where, as in Figure 5.11(a), the end plate is
relatively rigid it does not deflect significantly and it
is possible to ignore its flexural action. For applied
loads that are less than the sum of the bolt preloads
there is no significant separation of the connection
components and only modest changes in the bolt
preload (such changes as do occur are due to
through-thickness effects in the vicinity of the bolt
holes). Once the applied load exceeds the sum of the
bolt preloads, the end plate separates entirely from
the base. From this point onwards to rupture the
sum of the bolt loads equals the applied load.

However, if a flexible end plate is used behaviour
is more complex. Each portion of the end plate
bends into double curvature; the restraining mo-
ments at the bolt centreline develop from forces Q
at or near the tips of the end plate. Overall
equilibrium is now given by 2B = 2F + 2Q. The
effect of this amplification of the bolt forces is
twofold: there is an earlier separation of the
connection elements with a reduction in connection
stiffness once separation has occurred; and the
ultimate capacity is reduced (in the example shown
from 260kN to 190kN).

Analysis of prying action has proved to be
difficult, and there are the conventional problems
of:

1. The need for elastic/plastic analysis;
2. The significance of imperfections and fit on the
distribution of (prying) forces.
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Figure 5.11 Influence of end-plate flexure on tension
connections. (a) Thick plate; (b) thin plate

To these have to be added the particular difficulties
of:

3. The assessment of true bolt stiffness;

4. Uncertainty of distribution of bearing between
bolt head and end plate;

5. Uncertainty of line of action of prying forces due
to initial and induced curvatures in end plate;

6. Local through-thickness effects in the vicinity of
the bolt holes.

The following analysis is considered to combine
simplicity with adequate representation of be-
haviour, and it leads to straightforward design
formulae.

Figure 5.12 shows a schematic representation of
the end plate in flexure. Most terms are defined in

2F
5 A c n
M
(,3\ ba
BK 8g
il i
Q Q+F Q+F @

Figure 5.12 Forces and geometry of end plate for prying
analysis

the figure, and additional definitions are:

T = flange thickness,

w = effective width of flange per pair of bolts,

b = distance from the bolt centreline to the toe
of the fillet weld or weld reinforcement (for
a welded Tee) or to half the root radius for a
rolled section,

po = minimum proof stress in bolt.

Consider elastic deformation of the Tee section.
Taking origin at C, then by McCauley’s method:

d
AtC,x=0;—X=0andy=0
dx

dzy
EI§=M—Fx+(Q+F)[x—c] (5.1)
m%=m—§f+gfﬂh—¥ (5-2)
py=2e- Lo @B, sy

AtB,x=c;y = da
M F
Eby=—¢-—¢ 5.4
N it 4
AtA,x=n+c y=6A+SB
M F
EI(6A+6B)=?(n+c)2—-€(n+c)3
(Q+F

= n (3

From equations (5.4) and (5.5),

M F
Eldg = > (n? + 2nc) — i (n* + 3n% — 3ncd)

+
+ u n3 (56)
. 6
Taking moments at C for ABC:
M=(Q+Fc—Qn+o
M = Fc — Qn (5.7)




From equations (5.6) and (5.7),
6EISy = 3Fnc? — Q(2n? + 6n%c)
2EIS
F - _CZB
Q= n (5.8)

s (6) +2(7)
3 \c c

In the calculations for the bending strength of the
Tee connection the maximum bending moment
(plastic hinge) adjacent to the supporting web is
assumed to occur at a distance b from the bolt line,
defined above.

Due to the local stiffening of the flange by the web
of the Tee and the root fillets or welds, the effective
value of ¢ is between b and the distance from the
centreline of the bolt to the centreline of the web.

It is more convenient to carry out the calculation
of the minimum prying force in terms of b rather

than c. This can be achieved by rewriting formula
(5.8) using the following assumptions:

(1) 1 b

e

If the limitation on the value of n is adopted (see
later) it is estimated that the maximum error
due to this simplifying assumption would be
about 4%.

2EID
() & = 1.56% (i.e. b = 0.82c) in the —= term

nc?

Hence formula (5.8) becomes:

b [ 4E163]
Q=|F-
2n

b2 (5.9)

Where preloaded bolts are used, the aim in
developing the prying force formula is to limit the
loss of preload after the application of an external
load. It is necessary to limit the loss of preload when
the connection is subject to dynamic/fatigue loading
or where the bolts are also used to carry shear as
friction-grip bolts. Excessive loss of preload may
also be undesirable from the point of view of loss of
stiffness in the connection. Where non-preloaded
bolts are used, the aim is to limit the loss of the
nominal preload so that the bolts do not become
loose after loading.

Preloaded bolts

When an external load is applied to a tension
connection with preloaded bolts, in the initial stages
there is a gradual increase in the load in the bolts
(Figure 5.11(b)). After the load in the bolts reaches
the yield point, it increases at a faster rate. If the
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applied load is removed after the load in the bolts
has passed the yield point there is a loss of preload.
The amount of this loss depends upon the extent of
the plastic straining of the bolts. For a fully threaded
bolt the elongation at proof load = py/E X grip
length, where py = minimum proof stress of bolt.
The elongation per flange plate = 8, = p,T/E.

Consideration of typical load/elongation curves
for general grade HSFG bolts indicates that if the
plate deformation at the bolt line (g) (which is also
nominally the additional elongation of the bolt
beyond its preload elongation) is limited to &,/3
there would be a limited loss of preload (up to 10%)
if the connection were overloaded to 1.67 X working
load. After loading to the working load the loss of
preload would be negligible.

Substituting in equation (5.9)

3, T T
63——E=&and1=—-
3 3E 12
b powr]
=— 5.10
Q n [ 27nb? (5.10)
Non-preloaded bolts

In this case the preload is a nominal tightening and
may be relatively small. Without preload the early
increase in bolt load as the external load is applied is
more rapid.

Consideration of typical load/elongation curves
indicates that if dg is limited to 28,/3 the loss of
preload would be limited to less than 10% of the
proof load if the connection were overloaded to 1.67
X working load, and would be negligible after
loading to working load.

Substituting
2 2poT wT?
dbg=—08,=——and /= —
B3 % 3 T
in equation (5.9):
b 2pwT?
=—|F- 5.11
2n [ 27nb? ] (5.11)

A design formula for the minimum prying force can
then be written as:

b BYpowT‘]
==\1r- 12
Q 2n [F 27nb? (5-12)
where f =1
= for non-preloaded bolts
v = 1.0 for working load design
= 1.5 for factored load (limit state) de-
sign.
(Note: Units of p, must be consistent with units of F
(for example, kN/mm? and kN.)

for preloaded bolts
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The bypewT*/27nb* term is usually relatively
small., If it is neglected, formula (5.12) becomes:

Fb

o (5.13)
This is the formula that is obtained if plastic hinges
are assumed at the bolt line and the root, i.e. when
minimum flange thickness design is used.

The design of a Tee connection, end plate or
column flange would normally be carried out by
assuming plastic hinges at the bolt line and the root.
However, if it is desired to use a smaller size of bolit
this is achieved by reducing the prying force and
designing the flange for the increased moment at the
web root. If the bolts had unlimited ductility, and it
did not matter if the bolts lost their preload and
became loose, no further action would be required.
However, in practice this is not the case, and a
minimum prying force calculated using formula
(5.12), which is based on limiting the extension of
the bolt, should always be adopted. Where bolts are
preloaded to increase the frame stiffness, but are not
designed to carry shear by friction and are not
subject to fatigue or dynamic loading, consideration
may be given to using f§ = 2 in the formula if the loss
of stiffness due to an overload in one joint would be
acceptable.

Position of the prying force

When the distance from the bolt line to the edge of
the flange is relatively large the prying force (Q) will
act at some intermediate point rather than at the
edge of the flange. To determine the distance » to
this intermediate point, assume that the slope of the
flange at A is zero:

At A + dy
, = c; —_— =
X n

0=M(n+c)—§(n+c)2

,@+h

2 5.14
> " (5.14)

The formula for Q, without simplification, would be
Q = F — [(BypowT*)/(18n%)]
() (%)
3\c c

From equations (5.7), (5.14) and (5.15):
T
y = BpowT (1 + 1)

6n? c

(5.15)

wT?
Assume M = Kp.x e andy = 1.5

K = factor relating M to the plastic
moment at the root of the web,

py = yield stress (or design strength) of the
flange

Then n=T \/[% (1 +1)]
Kp, c

In the above ‘elastic’ analysis the moment at the
bolt line is less than that of the plastic hinge. In
minimum flange thickness design, when plastic
hinges are assumed at the root of the web and the
bolt line,

where

(5.16)

T2
moment at bolt line = Mg = Qn = &y X w_4_
Y
andy =15 (5.17)
If the slope of the flange at A is zero,
on’
Op = —— 5.1
® T 6EI (5-18)
T
If 6 = 652 as before (5.19)
. wT?
From equations (5.17), (5.18), (5.19) and = N7y
—r [P (5.20)
Py

The simplified analyses ignore effects such as local
compression of the plates and shear deflections.
These effects would:be beneficial in that they would
allow a higher value of n if they were taken into
account. In the absence of tests to give guidance it is
proposed that the following formula for the
maximum value of n is used in place of formulae
(5.16) and (5.20), i.e. with both the formula for
minimum prying force and for minimum flange
thickness design:

n=11T . [PP

Py

(5.21)

For practical design using HSFG or Grade 8.8 bolts
this leads to the following values of n:

For preloaded bolts n = 1.5T
For non-preloaded bolts n = 2.0T




Comparison with tests

Nearly all the formulae that have been proposed for
calculating the prying force are semi-empirical. That
is, although they have a ‘theoretical’ basis they are
modified to agree with the results of laboratory
tests. A large number of tests have been carried out
on Tee connections'*'® but unfortunately the range
of size and proportion covered by them is extremely
limited. Calibration against tests has been carried
out for the prying force formulae presented here and
the conclusions from this are as follows:

1. Prying forces must be taken into account in the
design of tension connections, if full bolt
strengths are to be mobilized safely. (See Section
5.3.4 for a discussion of BS 5950.)

2. Calculating the prying force from the moment at
the bolt line will not always be adequate. The
calculation of a minimum prying force using
formula (5.12) is also necessary (except, of
course, for a minimum thickness design under
normal loading).

3. There appears to be no need to modify formula
(5.12) to fit the test results.

5.3.3 Multibolt connections

Variations in behaviour between the simple, two-
bolt, connections discussed above and multibolt
connections are primarily related to the more
complex behaviour of the connected parts, and their
behaviour is discussed in Section 7.7.

5.3.4 Design

Tables 5.1 and 5.2 summarize the design strengths of
the more common dowel bolts in accordance with
current codes of practice. Once again it can be
observed that ‘factors of safety’ are higher for bolts
than for most other structural elements. This may
partly be ascribed to concern about the limited
ductility of such elements, combined with the
difficulty found in assessing true load in the bolts.
The difficulty arises mainly from the potentially
complex interaction of the stiffnesses of the various
elements of the connection and to lack of fit. In
addition, it seems likely to be related to the
difficulties of allowing for prying action, as discussed
in Section 5.3.2. The design strengths given in BS
5950 for ordinary bolts appear to make a 20%
allowance for prying, which is not required to be
calculated. Where, as is certainly recommended by
the authors for critical connections or those of
unusual proportions, prying forces are calculated
directly it would seem reasonable to base bolt design
strength on the lesser of stress under proof load and
0.7 X ultimate strength.
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Figure 5.13 Interaction diagram for dowel bolts under

combined shear and tension. P = tension in bolt at failure;
Q = shear in bolt at failure; P, = tensile capacity of bolt

5.4 Bearing bolts under combined
shear and tension

5.4.1 Behaviour

Figure 5.13 summarizes the experimental strength of
bearing bolts subject to combined shear and
tension.'”'® It can be seen that bolts show
considerable variation in strength under combined
loading. The first point to note is the variations in
the ratio of shear strength to tension strength.
Where the shear plane cuts the threaded portion of
the bolt the ratio varies from (.63 to 0.68. Where it
cuts the bolt shank it varies from 0.75 to 0.89.

This variation in relative strength must partly be
explained by the scatter of results observed under
separate components of loading. However, a further
complexity arises because of possible uncertainty of
failure plane position when the shear plane cuts the
bolt shank. In such circumstances the bolt may fail
in combined shear and tension on the shear plane.
Alternatively, it may fail primarily in tension on the
threaded portion. Indeed, if the threaded region is
sufficiently far from the shear plane the former may
be subject to negligible shear. A further comelexity,
reported in an earlier study of the subject,'’ is the
influence of grip length on strength. Because more
bending can develop in a long-grip bolt it will
present an elliptical, non-orthogonal cross-section to
the shear plane, thus increasing shear strength.

It is difficult to formulate an empirical interaction
relationship in the presence of such variability and
complexity. However, the elliptical relationships
given below and shown plotted in Figure 5.13 would
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seem a reasonable fit to the experimental results,
particularly if the high outliers are ignored.
For threads in the shear plane:
(Applied tension)2
Tensile strength

( Applied shear )2

1.0 5.22
0.63 X tensile strength (5-22)

For shanks in the shear plane:

(Applied tension>2
Tensile strength

Applied sh 2
( ppriec Shedl ) 1.0 (5.23)

0.79 X tensile strength

The coefficient 0.79 in the latter equation is simply
0.63/0.8, where 0.8 is the average ratio of tensile
area to shank area. It recognizes that the shear is
applied to the larger cross-sectional area.

An alternative approach for situations where the
shear plane cuts the bolt shank would be to apply
the basic interaction relationship (5.22) to the shank
area and apply a separate check to the threaded
portion in tension. When expressed in terms of bolt
loads this leads to:

(0.8 X applied tension>2
Tensile strength

Applied sh 2
+( pplied shear ) PP QPR

0.79 x tensile strength

Applied tensi
pp ension |

Tensile strength

Although adopted as the basis for some codes it is
apparent from Figure 5.13 that it is too optimistic.
This presumably reflects the real uncertainty of
failure plane which exists when the threads nearly
extend to the shear plane. Nominally, the shank
cross-section may govern; in practice, the nearby
threaded portion may be more critical in the
presence of significant shear and coincident
bending.

5.4.2 Design

Because of the variability outlined above, it would
seem prudent for strength factors to be conserva-
tive. As indicated in Sections 5.2.7 and 5.3.4, this
has already been achieved for both shear and tensile
loading separately. Thus any basis for strength
assessment that uses these component strengths
should have a satisfactory degree of conservatism.

Many codes of practice, including both BS 5400,
Part 3, and draft Eurocode 3, are based on an
elliptical interaction. In both these cases an effective
coefficient of 1/V/2 rather than the 0.63 indicated in
the previous section has been used.

BS 5950 takes another approach. Recognizing
both the uncertainty of the strengths and the
awkwardness of elliptical interaction rules for design
office use, it proposes a trilinear interaction. Thus:

Applied tension

pp-—_ :4, 1.0
Tensile strength

Applied shear
Shear strength

$ 1.0

Applied tension + Applied shear

+ 1.4

In all cases the design should be based on the net
tensile area where threads are in the shear plane.
Where the shank is in the shear plane it is necessary
to check both the shear plane under combined
loading and the net tensile area under tension only.

Tensile strength  Shear strength

5.5 HSFG bolted connections in shear
5.5.1 General behaviour

Figure 5.14 shows the behaviour of a single, 20mm
diameter, general grade HSFG bolted connection in
double shear.' In this case the faying surfaces (i.e.
those in contact) have been grit blasted; the holes
are 2mm clearance on bolt diameter. Initially the

Bolt in bearing

Shear load {kN)
7

|- Load taken in friction

1.0 2.0
Shear or slip displacement (mm)

Figure 5.14 Load deformation response of a single, 20 mm
diameter, general grade HSFG bolt in double shear




load is transferred by friction between the surfaces
in contact, this friction being developed by the high
interface pressures that arise because the bolt has
been stressed to its proof load or higher. (A
discussion of bolt types and methods of tightening is
presented in Section 3.3.)

Initially the connection shows very little deforma-
tion because of the interlock between the interstices
of the faying surfaces; this high stiffness is, of
course, the most important characteristic of such
connections. For bare metal surfaces this pre-slip
movement is unlikely to exceed 0.1 mm (some metal
coatings can cause pre-slip movements to be
considerably greater, as discussed in Section 5.5.2).
As the load increases the interstices start to yield
significantly in shear and deformations increase.

Further loading will produce a slip, i.e. a sudden,
usually audible, movement. If sufficient strain
energy is available a single, large slip will take the
boit into bearing. In this instance there was
insufficient energy available and the slip was
arrested after a small movement. Further loading
produced a second slip of greater magnitude, taking
the bolt into bearing. For bolts in normal clearance
holes the slip may total 4mm. The variation in the
two slip loads (in this case with the second being
higher than the first, although in many cases the
reverse will be true) and the variation in slip
displacement is quite typical of this sort of test. It
illustrates the general variability of most aspects of
frictional behaviour.

Once the bolt is bearing on the sides of the holes it
starts to behave partially as a dowel fastener. The
load is thus being carried partly by bearing and
partly by friction. As the bolt, already at the point of
plastic deformation due to its pretension, is subject
to additional, shear, forces, it will become plastic.
This plastic deformation will lead to a reduction in
preload (by the normality principle for plastic
deformation) and a transition from frictional to
bearing behaviour gradually takes place. However,
in most cases a bolt/plate combination has a greater
capacity in bearing and shear than in friction, and
this change in mode of behaviour will be accompa-
nied by an increase in resistance.

It can readily be demonstrated that a bolt will
have a greater shear capacity than its slip capacity.
Bolt proof load for a general grade HSFG boit is
70% of ultimate tensile capacity (P,,) and a
coefficient of friction is unlikely to exceed 0.6.
Therefore slip load per interface is unlikely to
exceed 0.6 X 0.7 X P,, i.e. 0.42 P,,. However, as
discussed in Section 5.2.3, bolt capacity in single
shear is approximately 0.6 P, a satisfactory
reserve. Bearing capacity in the post-slip condition
will be a function of plate thickness — for most
practical connections it will not govern. Unlike the
situation for bearing bolts, where the necessity to
limit deformations at serviceability load levels
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reduces design strength in bearing at collapse, it is
possible to mobilize the full bearing capacity in
HSFG bolted connections, where design for the
post-slip condition is only concerned with strength.

5.5.2 Friction

When HSFG bolted connections were first de-
veloped it was customary to specify bare steel
surfaces, although tightly adhering mill scale was
deemed to be acceptable, and design to a coefficient
of friction (p) of 0.45. It is now acknowledged that
this is too simple and optimistic an approach for
such a variable phenomenon. The variability of
friction is well demonstrated by Figure 5.15, which
summarizes a large number of tests for surfaces
coated with mill scale. A comparison of this figure
with the original design value for p of 0.45 also
shows the optimism of early approaches to design.

Design values for p are dependent on choice of
partial factors. Since different codes take different
views of the variability of friction it can be
misleading simply to look at design values. Table 5.3
therefore presents typical average values of coeffi-
cients of friction. However, note that these are
based on measured bolt preloads which, in many
cases, are significantly higher than nominal pre-
loads. Any assessment of friction that is based on
nominal bolt preload is likely to overestimate true
friction.
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Figure 5.15 Distribution of slip coefficients for clean mill
scale
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Table 5.3 Typical average values for coefficients of friction

Clean mill scale 0.33
Grades 43 or 50, grit or shot blasted 0.48
Ditto, after light rusting 0.52
Very high tensile steel, grit blasted 0.33
Red lead paint 0.1 or less
Grit blasted and oiled 0.25
Galvanized 0.22
Galvanized, subscquently wire brushed

or grit blasted 0.41
Metal sprayed with zinc 0.46
Metal sprayed with aluminium 0.51
Metal sprayed aluminium on zinc 0.49
Surfaces painted with alkali-zinc silicate

coat (50-80 mm) 0.46

It is possible to identify some general characteris-
tics of behaviour. First, any coating or foreign
matter that can act as a lubricant must be excluded.
Oil-based paints and drilling oil are particularly
deleterious. In some circumstances mill scale can
also act as a lubricant, and this partly explains the
variability associated with this finish - it is generally
not permitted in modern specifications, although its
use is still allowed in some British Standards. Loose
rust and an excessive build-up of some softer metal
coating such as zinc from hot-dipped galvanizing can
also reduce friction.

Surface roughness is an important criterion. Grit
blasting generally gives a very satisfactory coeffi-
cient of friction because of the interlock between the
interstices produced by the grit impacts. However, a
markedly lower coefficient of friction is obtained
with a very high-yield steel; a less rough surface is
obtained on the tougher material with a less
satisfactory interlock. Light rusting appears to
improve the interlock provided that all loose rust is
removed by wire brushing prior to assembly.
However, heavy rusting and its associated pitting
reduces friction capacity.

Metal coatings may have a significant influence on
frictional behaviour. As mentioned above, if a thick
coating of zinc is applied, as in galvanizing, it may
act initially as a form of lubricant, giving very low
frictional capacity. However, after some degree of
slip, cold welding is likely to occur; this ‘lock-up’
phenomenon is discussed in greater detail below. If
the excess zinc is removed and the surface is
roughened by grit blasting a much more reliable and
satisfactory coefficient of friction is achieved.
Aluminium and zinc spray coatings give satisfactory
coefficients of friction. The surface roughness is
good and the controlled thickness prevents any
possibility of lubricating action. Even with the
double-thickness aluminium on zinc coating used for
marine applications the friction is satisfactory.
However, note that some of these surfaces tend to
creep under sustained loading close to the limiting

slip capacity. Both test procedures for slip coeffi-
cients and design values can be modified to take
account of this phenomenon.

A standard test has been devised for the
determination of slip coefficients for non-standard
surfaces.” This is a practical test, rather than a
refined study for research use. Figure 5.16 shows the
general arrangement of the test pieces, which are
detailed to ensure that there is no transfer of bolt
preload between halves of the specimen from lack of
fit. The greatest concession to practicality is that the
bolts are tightened by standard procedure, without
any direct monitoring of bolt preload. In calculation
the bolts are assumed to be tightened only to their
nominal preload. Their actual preload may well
exceed this value by 20-30%, depending on the
particular bolt material and method of tightening. In
critical situations it is therefore important to have a
consistent approach to bolt tightening between the
test specimens and the practical application. Three
tests are carried out with two separate half joints for
each specimen. The lowest value is taken as the
‘characteristic’ slip value; undoubtedly a statistician
would question the definition of the lowest of six
values as the characteristic result.

The slip test is in effect a single sample (all the
specimens are made in a batch); it is quite likely to
have a higher p than the production surfaces and
have bolts tensioned above their nominal preload.
For these reasons, conventional design of such joints
against slip is more a serviceability check than a
demonstration of adequate strength. Some modern
codes specify a larger y,, for such connections: some
extra factor would certainly seem prudent for
structures where slip could lead to collapse.

A discussion of friction in this form of connection
cannot be entirely separated from one on the
distribution of bearing pressures between the faying
surfaces. Figure 5.17 shows the distribution of the
region of high bearing pressure in a well-fitting
connection. If the bearing pressure on the annular
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Figure 5.16 Test specimen details for slip coefficient tests
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Figure 5.17 Distribution of bearing pressurc at the faying
surface in a friction connection

ring of contact is calculated it will be clear that the
high spots on these roughened surfaces are likely to
be -yielding in compression. This conclusion is
supported by the appearance of joints that have
been separated after testing, where the high spots
appear polished. It seems likely that the presence of
this limited yielding contributes to the high values of
friction obtained in these joints. (The coefficients of
friction obtained are much higher than a mechanical
engineer, say, would rely on for design in some
other context.) There is certainly some evidence
that, at these pressures, friction is not independent
of bearing pressure. A reduction of effective bearing
area (for example, with badly pitted surfaces or in a
connection with oversize or slotted holes) will
generally show a reduced coefficient of friction. The
former should be precluded; the latter are subject to
a reduction coefficient in design. Some codes also
introduce a reduction coefficient for higher grade
bolts, where the bearing pressure will be increased.

5.5.3 Bolt tensile behaviour

Figure 5.18 contrasts the behaviour of HSFG bolts
under direct and torqued tensile loading.” Be-
haviour of similar, high-strength, bolts under direct
tension has been discussed in Section 5.3.1. The
variations in response under torqued tension arise
because of the additional stresses in the stressed
length that are caused by the torque. Because of
friction in the threads a significant proportion of the
torque applied to the nut is transmitted into the bolt,
causing a conventional distribution of torsional shear
stresses in the bolt shank, i.e. uniform around the
circumference and a linear function of radius. The
resulting combination of stresses causes an earlier
onset of yielding on the surface of the bolt and
departure from linearity. If the torquing is con-
tinued to rupture, the same effect will lead to a
reduction of the tensile capacity of the bolt
compared to its strength under direct tension. It is
worth noting that elongation to failure also dimi-
nishes: this is because limiting strain occurs at a
lower elongation under combined displacements.
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However, if, after initial tightening, the boit is then
subject to direct tension it is found that the adverse
interaction between torque and tensile strength is
overcome and the bolt’s tensile capacity is undimi-
nished. (This result could be predicted from the
normality principle of plastic deformations. Given
the inevitable symmetry of the yield criteria for
combined torque/tension about the tension axis,
purely extensional displacement will inevitably
cause a total relaxation of the shear stresses.) The
deformation capacity also improves, although it is
still less than that under pure tension, because the
plastic shear strains do not relax and therefore
contribute to the development of the limiting strain.

It is not necessary to take account of the
torque/tension interaction in design because any
external tensile loading will be in direct rather than
torqued tension. Experience has demonstrated that
it is generally possible to stress bolts to their proof
load (related to their properties under direct
tension) despite this adverse interaction provided
that the threads are undamaged. If bolts with higher
than average thread friction are used the ratio of
maximum torsional shear stress to direct stress will
increase, leading to a more severe interaction. In
such circumstances it is clear that the bolt may not
be stressed to its tensile proof load. Bolts with tight
or damaged threads should clearly not be used for
friction connections.
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Figure 5.18 Torqued and direct tension behaviour of
general grade HSFG bolt
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5.5.4 Influence of bolt preload on post-slip
shear capacity

Since designers are sometimes permitted to take
advantage of the post-slip reserve of friction
connections (and current design procedures might
lead to slip at the serviceability limit state rather
than the ultimate one) it is necessary to consider
possible interaction between the tensile preloading
of the bolts and their shear capacity. Figure 5.19
shows the results® of some tests on the shear
capacity of high-strength bolts that have been
prestrained in tension. Various degrees of prestrain
have been applied, up to the point where the bolt
has been taken past its maximum tensile capacity
and is starting to neck prior to failure. In this case,
where there is only a very short thread length within
the stressed length, the critical tension region does
not coincide with the shear planes and there is
clearly no adverse interaction.

The situation is less clearcut where the shear
plane cuts the threaded portion. Unfortunately
there are no experimental results for this case.
However, it seems likely that the adverse interaction
will still be limited, at least until the bolt has started
to neck prior to tensile failure. Once again, classical
plasticity theory can be used as justification for this
conclusion. If a bolt is subject to combined tension
and shear to the point of plasticity and then to
purely shear deformations the tensile preload will
tend to relax (it is free to do so because it is not
caused by any external continuing action). The bolt
should then be able to sustain its full shear capacity,
provided that the tensile prestrain has not reduced
the bolt cross-section.
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Figure 5.19 Effect of bolt prestrain on shear strength of
higher grade HSFG bolts
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5.5.5 Relaxation of bolt tensions

Any relaxation of bolt preload would clearly reduce
slip capacity of the connection, and possible
relaxation due to external tension is discussed in
Section 5.6.2. However, Figure 5.20°° shows
another form of relaxation, that due to changes in
thickness of the plies within the connection, arising
from tensile stresses in the splice.

The most important parameter for any particular
combination of plies appears to be the stress on the
net section of the most heavily loaded ply. In the test
programme summarized in Figure 5.20 two limiting
conditions were studied. Series one represents the
extreme end of a tension splice or the tensile side of
a beam splice, where the main plate is fully stressed
and the splice plates are unstressed. Series two
represents the net sections nearest the centre of the
splice where the main plate is now unstressed and
the splice plates are fully stressed.

Two fairly distinct modes of behaviour can be
identified. Initially, only modest relaxation of bolt
tension occurred due to the elastic reduction in
thickness of the stressed plies from Poisson’s strain.




As the net section stress increased so the relaxation
increased sharply as plastic thinning of the plies
occurred. It is worth noting that the transition
between the two modes took place at a lesser
average net section stress than the uniaxial tensile
yield one. This occurs because the stress concentra-
tions from the bolt holes, together with the
through-thickness compressions from the bolt ten-
sion, cause an early initiation of yield stress.

The effect on bolts at sections where the net
section exceeds nominal yield can be quite signifi-
cant, with losses of bolt tension of up to 40% at the
maximum stresses permitted by some codes.
However, this extreme reduction will only occur on
the end row of bolts; those nearer the centre of the
half-splice will suffer losses of less than 10%. It is
worth noting that only one code — the Merrison
Appraisal Rules — took account of the effect. It is
clearly a secondary effect in most cases, but
designers should be aware of the result for critical
situations where slip could have particularly severe
consequences.
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5.5.6 Multibolt connections

In a similar way to bearing bolt connections, there
are particular aspects of the behaviour of practical,
multibolt HSFG connections under shear loading
which need to be considered. There are many
similarities between the two classes of bolted
connection. Discussion in this section is therefore
limited to a commentary on Section 5.2.6, where the
principal aspects of multibolt connection behaviour
were presented for bearing-bolt connections.

Design of critical net sections is similar for both
classes of connection — reference should be made to
Section 7.3.

Hole misalignment does not influence the distribu-
tion of shear between the bolts. Plastic methods of
analysis for bolt groups under shear and torsion may
therefore be used when considered to be appropri-
ate in Chapter 8 and when permitted by the codes.
However, bearing in mind the low factors against
slip in practice, the use of elastic analysis can
provide a useful additional reserve of capacity. Once

Table 5.4 Design data for general grade HSFG bolts to BS 5950: Part |

Basic equations (using notation of BS 5950: Part 1)

Tension P,
Slip Pg.
Combined shear and tension

0.9P,
LI1KnP,

Fy F
— +08—==x< 1.0
S1. Pl

Design capacities

Nominal dia. (mm) 16 20 22 24 27 30 36
Proof load (kN) 92.1 144 177 207 234 286 418
Tension capacity (kN) 82.9 129.6 159.3 186.3 210.6 257.4 376.2
Slip capacity (kN) 45.6 71.3 87.6 102.5 115.8 141.6 206.9
External tension (kN)

s 25 34.6 60.3 76.6 91.5 104.8 130.6 195.9

o 50 23.6 49.3 65.6 80.5 93.8 119.6 184.9

2 75 12.6 38.3 54.6 69.5 82.8 108.6 173.9

b 82.9 9.1/0

&~ 100 27.3 43.6 58.5 71.8 97.6 162.9

R ,,Z¢ 125 16.3 32.6 47.5 o8 86.6 151.9

5 : 129.6 14.3/0

.f::_ .g 150 21.6 36.5 49.8 75.6 140.9

L& 1593 17.5/0

[ 175 25.5 338 64.6 129.9

] 186.3 20.5/0

£85 200 27.8 53.6 118.9

2% 2106 23.20

§- Changc in interpolation interval

8 250 316 96.9

iy 257.4 28.3/0

© 300 74.9
350 529
376.2 41.4/0

Assumes a cocfficient of friction of (1.45.
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slip has occurred, the same considerations of
unequal load distribution apply with bearing-bolt
connections and the greater conservatism of elastic
methods of analysis would seem prudent.

Bearing in multibolt connections in the post-slip
condition is subject to the same considerations as for
bearing bolts.

Large connection effects are equally relevant for
both HSFG bolted and bearing-bolted connections.
The reduction factors should be applied to both.

5.5.7 Design

Tables 5.4 and 5.5 summarize the design strengths
for the current codes of practice. Examination of the
codes will show that there is a post-slip reserve for
all but the thinnest plies. Most codes do not permit
outer plies to be less than 10mm in thickness in
order to ensure satisfactory dispersion of the
through-thickness stresses at the faying surface. This
ensures a post-slip reserve for these plies for all but

Table 5.5 Design data for general grade HSFG bolts to BS 5400: Part 3

Basic equations (using notation of BS 5400: Part 3)

0.7 x 827
— A, M24
12x11 " *
Tension P = 6,.Ay, = 0.7.725
. — A, >M24
m¥ea 2x11
587.0.45
— A, M24
13x 1.1 ¢ s
Slip Py, = Fy.p =
o 512 x 0.45
YmYiz _1_2____ “ >M24
1.3 x 1.1
F, - F
Combined shear and tension Fi, = M
Ym¥i3
Design capacities
Nominal diameter (mm) 16 20 22 24 27 30 36
Proof load (kN) 92.1 144 177 207 234 286 418
Tension capacity (kN) 68.9 107.4 132.9 154.8 176.5 215.7 314.1
Slip capacity (kN) 29.0 45.3 56.0 65.2 74.0 90.4 131.6
=  External tension (kn)
< 25 21.1 374 48.1 57.3 66.1 82.5 123.7
g 50 13.3 29.6 40.2 49.5 58.2 74.6 115.9
'z 68.9 7.3/0
g8 75 21.7 323 41.6 50.3 66.7 108.0
= 100 13.8 24 4 33.7 42.4 58.8 100.1
£ 1074 11.5/0
§ 125 16.5 25.8 345 50.9 92.2
S 139 14.0/0
© 150 18.0 26.6 43.0 84.4
8 1548 16.4/0
2 175 18.7 35.1 76.5
% 176.5 18.2/0
e 200 27.2 68.6
5 Change in interpolation intcrval 22.2/0
g 2157
8§ 25 52.9
B 300 37.2
@ 314 32.70

Assumes a coefficient of friction of ().45.




Table 5.6 Reduction factors for slip resistance of HSFG
bolted joints with non-standard clearance holes

BS 5950:  BS 5400:
Part 1 Part 3
Oversize hole 0.85 0.85
Short-slotted hole 0.85 0.85
Long-slotted hole loaded perp.
to slot 0.85 0.70
Long-slotted holc loaded
paralic! to slot 0.60 0.70

the largest bolts. It is usually not difficult to limit the
ratio of bolt diameter to minimum ply thickness to
ensure that all plies have a post-slip reserve.

Bearing strengths are generally higher than for
bearing bolts. As discussed in Section 5.2.7, these
latter are reduced to ensure that deformations at the
serviceability limit state are acceptable. This is not a
consideration for HSFG bolted connections which
have not slipped at this stage in loading; the full safe
bearing strength may therefore be mobilized for the
collapse limit state.

Table 5.6 summarizes the reductions imposed by
the various codes for oversize and slotted holes.
These are partly to take account of possible
reductions in slip capacity arising from the less
optimum distribution of bearing stresses that is
discussed in Section 5.5.2. They are also imposed in
recognition of the probably more severe consequ-
ences of the greater slips that can occur with such
connections.

5.6 HSFG bolts under external
tension

5.6.1 Behaviour

The behaviour of an HSFG bolt under direct and
torqued tension is discussed in Section 5.5.3. That of
a pair of HSFG bolts and its associated Tee stub (the
simplest form of connection which can be discussed
in this way) will closely resemble that of preloaded
bearing bolts under applied tension which is
considered in Section 5.3.2. Indeed both illustra-
tions in Figure 5.11 show bolt preloads which are
close to their proof loads. The principal effect of the
preload is to delay the onset of prying action. Any
prying force near the edge of the stub implies a
moment with associated curvatures in the portion of
the Tee stub outside the bolt. These curvatures
cannot develop to a significant extent while the Tee
stub is clamped to the base at the bolt positions by
the preload. In practice, each half of the flexible end
plate of Figure 5.11(b) would still bend into double
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curvature between the bolt and web. The associated
restraining moments at the bolts would initially be
resisted by non-uniform bearing pressures under the
bolt heads and between the Tee stub and the base.
These would cause the bolts to flex, hastening
separation and the onset of conventional prying
action. Thus the ‘prying factor’ (Q/F) varies with
applied load; the relevant factor is that close to
ultimate load, when the effect of preload is virtually
lost.

5.6.2 Relaxation of preload

By definition, the application of its proof load to a
bolt takes it slightly into the elasto-plastic part of its

“response curve. Thus any external preload which

causes separation, or significant flexing, as discussed
above, will cause plasticity in the bolt. Although, as
outlined in the previous section, the true situation is
more complex, it appears that significant separation
will not develop if the external tension, together
with an adequate allowance for amplification due to
prying, does not exceed the proof load. If separation
is limited in this way little relaxation will occur.
However, if this limit is not observed (for example,
by not taking account of prying action) it is clear
from an examination of Figure 5.11(b) that signifi-
cant relaxation may take place.

A particular problem exists with bolts where
load-indicating washers or bolts have been used to
monitor bolt tightening. These devices are designed
to deform plastically once a certain bolt load has
been attained; a residual gap of up to 0.4mm will
remain after tightening. The tangential stiffness of
such a system will be considerably less than that of a
conventional HSFG bolt where plasticity is confined
to the bolt. With a grip length of 100mm, say,
closure of a gap of 0.4mm will lead to total
relaxation of the bolt preload. If such devices are
used for connections which are required to resist slip
under shear loading but may also be subject to
external tension loading it is clearly important to
take a conservative view of the maximum load that
may be applied to each bolt, with proper account of

prying.

5.6.3 Design to codes of practice

Tables 5.4 and 5.5 summarize the design strengths of
HSFG bolted connections subject to external
tension for current codes of practice. It can be seen
that these fasteners may generally be subjected to
higher external tensile loading than the correspond-
ing bearing bolt. (A general grade HSFG bolt is
made of materials similar to those of an 8.8 bearing
bolt.) This is probably appropriate when it is
considered that:

1. Each bolt is proof tested during tightening;
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2. Nuts are larger and of greater material strength,
so that nut-related modes of failure are pre-
cluded;

3. Pretensioning will prevent any significant separa-
tion of plies under design tensile loading.

5.7 HSFG bolted connections under
combined shear and tension

Any external tension will produce a corresponding
reduction in clamping force between the plies. If any
variation in coefficient of friction with bearing
pressure is discounted (it is, in any case, a
second-order effect) there will be a linear reduction
in friction capacity of the connection. A linear
interaction formula is therefore used for the design
of bolts under combined shear and tension.

If the external tension arises because of an applied
moment (say, on an end-plate beam/column connec-
tion) there will be no net change in clamping force
between the end plate and the column. In such
circumstances it is not theoretically necessary to
make any reduction in slip capacity provided that
the prepared faying surfaces extend over the whole
region of the end plate. However, because of
possible relaxation of preloads under the tensile
component of the applied moment (for the reasons
outlined in Section 5.6.2), it would be prudent to
make some allowance for a reduction in slip capacity
in critical situations.

References

1. Unpublished test data, Imperial College, University of
London, 1981.

2. Owens, G. W., Dowling, P. J. and Algar, R. J,,
‘Bolted connections: bearing stresses in connections
using Grade 8.8 bolts’, CESLIC Report 3+3A, Civil
Engineering Department, Imperial College, Universi-
ty of London, 1983.

3. Unpublished test data, Imperial College, University of
London, 1983.

4. Back, J. de and Jong, A. de, ‘Measurements on
connections with high strength bolts particularly in
view of the permissible arithmetical bearing stress’,

Report 6-68-3, Slevin Laboratory, Delft, the Nether-
lands, 1968.

5. Hirano, M., ‘Bearing stresses in bolted joints’, Society
of Steel Construction of Japan (Tokyo), 6, No. 58
(1970).

6. Owens, G. W. and Hargreaves, A.C., ‘Bolted
connections: bearing stresses in connection with Grade
8.8 bolts. Stage 2°, CESLIC Report BC6, Civil
Engineering Department, Imperial College, Universi-
ty of London, 1980.

7. Unpublished test data, Imperial College, University of
London, 1984.

8. Owens, G. W., ‘Bolted connections: the influence of
pitch on the bearing strength of connections using
Grade 8.8 bolts’, CESLIC Report BCS, Civil En-
gineering Department, Imperial College, University of
London, 1980.

9. Kulak, G. L., Fisher, J. W. and Struik, J. H. A.,
Guide to Design Criteria for Bolted and Rivetted Joints,
2nd edn, Wiley, New York, 1987.

10. Rumpf, J. L. and Fisher, J. W., “‘Calibration of A325
bolts’, Journal ASCE, 89, 5 and 6 (1963).

11. Unpublished test data, Imperial College, University of
London, 1984.

12. Goodley, M. H. R., ‘Comparative strengths of HSFG
general grade and high tensile grade 8.8 structural
bolts’, Report 101, Department of Construction,
Oxford Polytechnic, 1980.

13. Unpublished test data, Imperial College, University of
London, 1978.

14. Harding, J. E. and Dowling, P. J., ‘Report on the
testing of beam—column connections on the Drax
completion’, CESLIC Report DRI, Civil Engincering
Department, Imperial College, University of London,
September 1979.

15. Douty, R. T. and McGuire, W., *High strength bolted
moment connections’, Journal ASCE, 91, No. ST2
(1965).

16. Surtees, J. O. and Mann, A. P., ‘End plate
connections in plastically designed structures’, Confer-
ence on Joints in Structures, University of Sheffield,
July 1970.

17. Chesson, E., Faustino, N. L. and Munse, W. H.,
‘High strength bolts subject to tension and shear’,
Journal ASCE, 91, No. ST5 (1965).

18. Shakir-Khalil, H. and Ho, C, M., ‘Black bolts under
combined tension and shear’, The Structural Engineer,
57B, No. 4 (1979).

19. Harding, J. E., MSc thesis, September 1970.




6

Fatigue of connections

6.1 Scope

A full coverage of the topics covered in this chapter
is inappropriate in a general book on connection
design, and the presentation is therefore limited to
those aspects that are of greatest importance to the
designer. A bibliography is provided at the end of
the chapter for the reader who wishes to pursue a
topic in greater detail. A list of references is given
for each of the principal headings in the text. The
order within each list indicates the relative standard
of the references; more general and elementary
texts are listed first, followed by more advanced
ones.

6.2 Introduction
6.2.1 Basic concepts

Fatigue is the mechanism whereby cracks in a
structure grow when subjected to fluctuating stress-
es. The sum of the mean plus fluctuating nominal
stresses that cause crack growth may be very much
less than the stress to cause static failure.

The fatigue life, or endurance, of a specimen
without defects comprises a period for crack
initiation followed by one of crack propagation to
failure. However, if a cracklike defect exists, even
on a microscopic scale, this will provide a natural
point for crack propagation and the contribution to
fatigue life from the period of crack initiation is lost.
Effectively, all welds contain minute metallurgical
discontinuities from which cracks will grow. Thus
the fatigue life of a connection containing welds is
solely related to crack growth. Final failure usually
occurs in a tension region when the reduced section
becomes insufficient to carry the peak load without

rupture. Fracture mechanics theory shows that the
rate of crack growth is proportional to the square
root of its length for a given stress range. Thus a
fatigue crack is relatively small and difficult to detect
for most of its life.

The primary factor influencing rate of crack
growth is the stress range in the immediate vicinity
of the crack tip. Thus in design it is very important
both to seek to reduce stress concentration and to
carry out a sufficiently detailed elastic analysis to
make a realistic estimate of the true stress range.
Note that this implies a different approach to
analysis to the force path methods that are generally
proposed within this book. Because of their
importance, a detailed discussion of the different
types of stress concentration is presented in the
following section. Figure 6.1 illustrates the import-
ance of minimizing stress concentrations in design
by considering alternative truss connections. Figure
6.1(a) shows a typical detail from a major connec-
tion in industrial steelwork. Here design is primarily
governed by static strength and the structure can
safely accommodate the discontinuities and stress
concentrations by local yielding. It is likely that local
stresses are five to ten times those that would be
calculated by the simple theory used for static
design. Figure 6.1(b) shows a similar scale of
connection for a fatigue-sensitive structure. Con-
siderable care in design and expense in fabrication is
now justified to ensure that the stress ranges are
minimized. The design will be more detailed and
should consider secondary bending stresses as well
as primary axial ones. The connection layout is
designed to minimize large-scale discontinuities;
sound workmanship is necessary to ensure that weld
fit-up is good and weld profiles are smooth to
minimize local discontinuities. In extreme circum-
stances grinding of the weld surface or other

75
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v

Figure 6.1 Truss details. (a) Node in industrial steelwork;
(b) node in railway bridge

remedial action may be justified, as discussed in
Section 6.6.

6.2.2 Stress concentrations

When designing against fatigue it is convenient to
consider three levels of stress concentration.

Stress concentrations from structural action

Analysis for static design will typically only deter-
mine average stresses and, although all elastic
analysis is based on compatibility concepts, detailed
considerations of the relative deformation between
neighbouring elements are frequently ignored. In
reality, these local deformations cannot develop
without additional strains and stresses. Frequently,
load distribution between neighbouring elements is
based on simple statics, discounting the effects of
secondary elements such as bracing. Once again, the
actual structural behaviour will differ from the static
model. Differential displacements between neigh-
bouring elements must imply strain and stress in the
bracing elements and their supports.

These additional stress systems, which are effec-
tively a form of stress concentration, are best
illustrated by an example. In the truss whose
connections are illustrated in Figure 6.1(a) the
incompatibility that is discounted in simple static

design is that of the restraint to end rotation of the
individual elements that is provided by the connec-
tion, nominally pinned but in practice fully rigid.
The ensuing bending stresses may well be of similar
magnitude to the primary axial stresses in a truss of
stocky proportions. When designing against fatigue
these bending stresses must be analysed and
accounted for.

Macroscopic stress concentrations

The second level of stress concentration with which
the designer has to be concerned relates primarily to
relatively large-scale geometric interruptions to
stress flow. That is, geometric effects that are large
in relation to the crack tip described in the
introduction to this chapter. It is helpful to think in
terms of stress trajectories and consider how these
are modified by the presence of the changes in
cross-section, notches, holes and other discon-
tinuities. Figure 6.2 shows typical structural details
containing such discontinuities. The stress concen-
tration effect can clearly be seen from the closing
down in the spacing of the stress trajectories.

2N
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Figure 6.2 Bending stresses in a cranked beam. (a) General
arrangement; (b) tensile stress trajectories at change in
direction

Microscopic and local geometric stress
concentrations

The final level of stress concentration relates
primarily to the effects of the crack tip and any
microscopic discontinuity or other defect. Such
imperfections usually occur within the weld or
heat-affected zone, as shown in Figure 6.3. Most of
these defects will be very sharp and will therefore
have a very considerable microscopic stress concen-
tration effect.
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Microscopic
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Figure 6.3 Stress concentration at the toc of a fillet weld.
(a) General arrangement: (b) tensile stress trajectories

Stress trajectories through welds are, in any case,
influenced by the structural action of the weld, by its
geometry and surface roughness and by the relative
position of the joined elements. These effects can
also be seen, at least quantitatively, in Figure 6.3.

There is no clearcut dividing line between
‘macroscopic’ and ‘microscopic’ defined above. The
overall discontinuity in Figure 6.3(b) is similar in
both shape and scale to that of Figure 6.2. However,
the distinction is still necessary to clarify the
situation in design. In that context the essential
difference relates to the basis of the fatigue design
data. Thus the third category should include only
those stress-concentrating effects that are modelled
directly by the test specimens that were used to
develop the fatigue data (see Section 6.4.1). It thus
follows that the effects included in the second
category are specifically those that are not covered
by the basic design data — as such they may require
additional actions by the designer.

6.3 Fatigue behaviour
6.3.1 Parent material

Most of the basic phenomena of behaviour for
parent metal have been discussed in the introduction
to this chapter and they are summarized as follows:

1. Fatigue life is the sum of the number of cycles for
crack initiation plus the number of cycles for
crack growth to the point where static failure
occurs.

2. Fatigue life is a function of stress range plus mean
stress, local to the point from which the crack
grows. The crack itself, once formed, acts as a
MiCroscopic stress raiser.

3. For the common structural steels, fatigue life
does not vary significantly with material composi-
tion and mechanical strength.

4. Surface defects, particularly at cut edges, act as
stress raisers. Some cutting processes, notably
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shearing, cropping and punching (for holes)
produce rough, work-hardened edges that are
very prone to cracking. These should be avoided
in fatigue situations.

6.3.2 Welds and welded structures

The following summary covers the most significant
aspects of the fatigue behaviour of welds and welded
structures:

1. Welds always contain small cracklike defects so
that the crack-initiation portion of the fatigue life
is lost. Fatigue life is simply the number of cycles
for the crack to grow to the point where static
failure occurs.

2. Regions in the vicinity of welds, and the weld
metal itself, are likely to be subject to residual
stresses of yield in tension. Stress cycling is from
yield stress downwards (at least for constant
amplitude of stress range), irrespective of the
externally applied mean stress. Fatigue life is
therefore only a function of stress range.

3. Fatigue life varies with type of welded detail.
Different details have varying probabilities of
cracklike defects; local stress flow past these
defects varies with joint configuration and
structural function.

6.3.3 Bolts and bolted joints in tension

A bolt is clearly a poor element to resist fatigue. The
change in section at the junction of the head and
shank will cause a concentration of the axial tensile
stress. This will be exacerbated by radial bending of
the head due to the eccentricity between the bearing
surface under the head and the bolt shank. At the
other end of the bolt the threaded portion will
inevitably extend into the stressed length. The
irregular profile of the threads will induce stress
concentrations, and this is worsened by the local
bending of the threads as they transfer load from the
bolt into the nut. For both regions of stress
concentration any eccentricity of seating under the
nut or head is going to induce bending action, which
will further increase stress range.

The only way to improve the fatigue resistance of
the bolt itself is to seek to ensure that the profiles in
the immediate vicinity of the stress concentrations
are as smooth as possible. Thus a small radius is
specified where the shank joins the head. The root
profile of the threads is likely to be smoother if they
are rolled rather than machined; probably of greater
significance, the rolling process is likely to induce
compressive residual stresses at the thread root.

However, in the context of the fatigue resistance
of the bolted joint much the most important
consideration is to recognize that the bolts are poor
fatigue details and must therefore be protected from
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fluctuations in stress. This is simply achieved by
ensuring that the bolts are reliably tightened to a
load that is greater than the maximum external load
to which they will be subjected in service. Examina-
tion of Figure 5.11(a) shows that in this state,
provided that a robust end plate is used, fluctuations
in load are primarily resisted by variations in the
interface compression. For example, an increase in
joint load per bolt from 50 to 130kN only increases
bolt tension by 7kN. Figure 5.11(b) demonstrates
the importance of taking proper account of prying
action when ensuring that the bolt preload is not
exceeded in service. Thus with a relatively flexible
end plate, i.e. in this instance with a thickness of
only 85% of the bolt diameter, an increase in joint
load from 50 to 130kN induces an increase in bolt
load of 45kN. In addition, the flexing of the end
plate would be very likely to induce bending stresses
in the bolt, further increasing the true stress range at
the critical section. Premature failure of this detail
would be very likely to occur in a fatigue
environment. Thus, when carrying out a fatigue-
sensitive design one of the methods given in Section
5.4.3 should be used to determine the magnitude of
the prying action, the objective of the design being
to ensure that the sum of the maximum external plus
prying forces in the bolts is suitably less than their
preload.

In practice, a very reliable way of ensuring that
the bolts are suitably tightened is simply to specify
HSFG- bolts with the torque control method of
tightening. Load-indicating devices should be used
with caution, because any overstress can lead to a
significant loss of preload. Turn-of-nut methods will
strain the bolt into the plastic region and are also to
be avoided.

Bearing in mind that the reduced stress range in
the bolts is achieved by prestressing the connection,
care must be taken during fabrication and erection
to ensure that the reduced stress range in the bolts is
not increased by any lack of fit between the plates.

6.3.4 Bolted joints in shear

For obvious reasons, ordinary bolts in shear
connections will not behave satisfactorily under load
reversal, or indeed during significant repeated
fluctuations in load. Discussion in this section is
therefore limited to joints with HSFG bolts.

Such joints have a particular type of stress
concentration that has some significance on their
fatigue performance. As shown in Figure 6.4, the
concentration occurs at the outer limit of the region
of high bearing contact around each bolt. Within
each region, significant shear transfer between plies
occurs but friction ensures that there is no relative
movement. Outside and between these regions
there must be relative movement under fluctuating
load because of variations in stress and strain in
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Figure 6.4 Stress concentrations and fatigue behaviour of
HSFG splices under fluctuating load. (a) General arrange-
ment; (b) details of stress concentration

neighbouring plies (the implication of this variation
on the static strength of long joints in shear is
discussed in Section 5.2.6). At the boundary
between these two regions the change from relative
to zero movement causes a stress concentration.
Immediately outside this boundary there will still be
significant bearing pressure and this, in the presence
of movement, gives rise to fretting corrosion. In
time, pitting of the surfaces occurs, and this provides
a further stress raiser, as well as being the likely
region for crack initiation. Thus, when such a joint
fails in fatigue it is likely to crack through the gross
section with cracks running through the edges of the
regions of high bearing pressure.

Fortunately, the implications of this rather un-
usual mode of fatigue failure on practical design
prove not to be particularly severe, and they are
discussed in the following section.

In considering the performance of HSFG bolted
joints in shear it should be recognized that
conventional design procedures (for example, BS
5950: Part 1, Clause 6.4.2.1) leave little margin
against slip at the serviceability limit state. Where
the load cycles are close to this load it would seem
prudent to introduce some additional conservatism
into the design. Without this, any difficulties of
fit-up or lack of control in tightening could easily
lead to slip.

6.4 Design data
6.4.1 BS 5400: Part 10

For conventional structural steelwork, by far the
most comprehensive summary of fatigue data is
presented in BS 5400, Steel, Concrete and Compo-
site Bridges: Part 10, Code of Practice for Fatigue.
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Figure 6.5 Mean S/N curves from BS 5400, where § is stress
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use in design)

S-N curves relating stress range (S) to fatigue life
(N) are presented for a wide range of commonly
occurring details, and these are reproduced in
Figure 6.5. (Note that this figure presents mean
curves; design curves are normally based on mean
minus two standard deviations. The stress ranges are
unfactored.) The details are classified in BS 5400,
Table 17, Parts (a)—(c). These tables are reproduced
and discussed within this section as Figures 6.6, 6.7
and 6.8, to highlight the behavioural aspects that
underlie the classifications. Further discussion of the
background and guidance on usage are presented in
Appendix H to the Code. Types 1.1-1.5 cover
parent metal away from connections. The concern
over discontinuities can be seen in the move from
Class A to B, even when well-radiused corners are
introduced in 1.3, together with the requirement to
use stress concentration factors (s.c.f.) to determine
stress range. The influence of edge preparation
shows in the reduction from B to C between types
1.3 and 1.4 when the hardness and roughness of the
flame cut edges are not machined away. Type 1.6
specifically relates to the fretting corrosion failure
on the gross section that was discussed in Section
6.3.4.

Types 1.8-1.11 record the deteriorating fatigue
resistance of the net section of bolted splices. Note
that punched holes are not permitted. HSFG bolts
and rivets provide a clamping action which helps to
reduce the stress concentration at the net section.
Precision bolts are likely to be carefully fitted and so
share the load equally without causing additional
stress concentration on any net section. Ordinary or
black bolts in clearance holes are clearly undesirable
— they are given a G classification, with caution!
Type 1.12, the bolt in tension, is given a high fatigue
classification, but this is only if the bolt is properly
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tightened. The reasons for this are discussed in
Section 6.3.3.

Section (b) of Table 17 classifies the welded
details on the surface of the member. The twin
concerns of the proximity of likely defects to the
stress concentration and the severity of the discon-
tinuity can clearly be seen. Thus the Class C of the
longitudinal fillet weld of 2.2 reduces to E in Class
2.4 because the discontinuity of the weld concen-
trates the stress at the end toe, where defects are
likely to occur in any case. Stress flow past the
defect site is particularly severe at the end of the
cover plate in Class 2.7 leading to a G classification.
Transverse attachment welds (for example, type
2.9) are Class F where the attachment is not
transferring load into the plate. This is because the
mere presence of the attachment draws stress to it,
with the concentration occurring at the toe of the
weld where defects are most likely to occur. The
reason for the G classification of Class 2.11 is bound
up with the stress concentration that occurs at that
point in a lap splice, as discussed in Section 4.5.2.

Section (c¢) of Table 17 classifies the welded
details at the end connections of a member. The
concern to limit the severity of the discontinuity is
clearly seen in the geometric limitations of types
3.2-3.5. The butt welded joint in the rolled section
of type 3.6 is given a lower rating (F3) than the basic
plate splice of 3.1 (c) because of the near-
impossibility of avoiding defects at the web/flange
junction. The basic geometric problems are com-
pounded by the increased proportions of impurities
and larger grain size that are likely to exist there in
the parent sections. Where there is lack of
continuity on the primary tension path, as in type
3.10, a very low fatigue resistance results, i.e. Class
F, and separate consideration of s.c.f.s is required.
This lack of continuity can either arise from the use
of partial penetration welds (not recommended for
connections subjected to significant tension) or the
lack of any stiffener behind the attached flange. As
can be seen from type 3.7, removal of this
discontinuity raises the classification to F, without
any s.c.f. if a stiffener is provided. Finally, note that
types 3.12-3.15 relate to shear connectors and other
elements buried in concrete that are beyond the
scope of this text.

A detailed examination of these tables will show
that it is difficult to avoid at least some Class F
details in a welded, stiffened structure. Designers
would be prudent to recognize this fact at the initial
design stage.

6.4.2 Standard stress concentration factors

Because of the importance of fatigue in the
manufacturing and aerospace industries there is a
substantial body of data on stress concentration
factors for commonly occurring geometries.
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6.4 Design data
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Figure 6.9 Stress concentration factors for a platc with a
single, central hole
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Figure 6.10 Stress concentration factors for a wide plate
with a series of holes
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Figure 6.11 Stress concentration factors for a flat bar with a
change in width and re-entrant corners with radius R

Although not often required for the design of
constructional steelwork, the designer should be
aware of the most useful summaries of these data
that are available. They are listed in the Biblio-
graphy and Figures 6.9-6.11 show examples of their
output. Incidentally, these examples have been
chosen to illustrate the interaction between severity
of discontinuity and s.c.f. The value of introducing
even small radii to smooth out a discontinuity can
clearly be seen.

6.4.3 Determination of non-standard stress
concentration factors

Where stress concentration factors are required for
important but non-standard situations it may be
necessary to determine them directly by numerical
analysis or experimental model. Numerical analysis
is certainly feasible for two-dimensional studies. The
most important point to appreciate is that, almost by
definition, stress concentrations imply rapidly
varying stress and strain fields. For accuracy, it is
essential that the mesh size local to the point of
greatest interest is small in relation to the local
geometric changes. Figure 6.12 shows the mesh of
higher-order elements (i.e. those with at least
quadratic displacement formulations and mid-side
models) that would typically be necessary to study a
simple welded connection by this technique. As a
retrospective guide on the adequacy of the mesh,
the critical stress should certainly not vary by more
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than a factor of two between adjacent gauss points
in neighbouring elements. In critical cases a
variation of 30% or 40% would be desirable. If in
doubt, a re-analysis with a finer mesh should be
carried out; if the original analysis was satisfactory
the stress concentration should not change appreci-
ably with mesh size.

For more complex, three-dimensional, situations
it may well be more cost-effective to use a physical
model to determine s.c.f. This has certainly proved
to be the case in the offshore sector. An appropriate
plastic scale model is manufactured and strain
gauged. Acrylic material (Perspex) is readily avail-
able and with careful choice of scale factor may
frequently be used in standard component form (for
example, tubes and sheets): it can readily be glued.
However, its major disadvantage is that it creeps
significantly, even at low stresses. Considerable care
is necessary in testing to ensure accuracy of results.
Araldite is a much more satisfactory material for
testing, being effectively creep-free up to 500ps.
However, no standard components are available
and considerable effort must be expended in order
to cast components of the model with adequate
control on element thickness. Being a thermoplas-
tic, it may readily be formed to complex shapes from
sheet form.

Strain gauging has to be planned carefully if
adequate accuracy is to be achieved. Since the point
of greatest interest is likely to occur at a change of
direction of the surface, it will not usually be
possible to gauge precisely at that point. Instead, a
strip of at least three (and preferably more) gauges
is laid down at uniform spacing in a line away from
the discontinuity. It is then possible to extrapolate
into the discontinuity with reasonable accuracy.

6.4.4 Basic fatigue data onshore and offshore

Although BS 5400: Part 10 presents design data for
the great majority of design situations for construc-
tional steel there is still a need for basic design
information for use with a design from first
principles using stress concentration factors deter-
mined in accordance with Sections 6.4.2 or 6.4.3.

The most convenient presentation for onshore
design is that given in BS 5500 (the specification for
unfixed fusion welded pressure vessels), reproduced
in Figure 6.13. This design curve is based on
strain-controlled fatigue tests of specimens contain-
ing a ground flush butt weld. This is to recognize
that virtually any location in a pressure vessel (and
in practice many other fabrications) may contain a
ground flush repair weld. The design curve is based
on mean strength minus four standard deviations.
The code gives further guidance on the practical
application of this approach. One very important
point to note when using this approach is that the
basic data are presented as a stress amplitude, i.e.
half the stress range. (In Figure 6.10 the more
conventional presentation of total stress range is
used.)

For offshore design the more convenient pre-
sentation is given in the Department of Energy
Guidance Notes for Offshore Structures. The basic
design curve, the T curve, is also presented in Figure
6.13. This is primarily for use on the design of
tubular joints where the stress concentration factor
is determined by one of the methods described in
Sections 6.4.2 and 6.4.3. It is the same as that
document’s design curve for a Class D detail.

These Guidance Notes also contain valuable
information on two aspects of fatigue design. The

ROTATION
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Figure 6.12 Finite element mesh to estimate stress concentration factors in a tubular X joint
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Figure 6.13 Basic design S-N curve for Nodal joints

first (only applicable to offshore structures) is that
for unprotected joints exposed to seawater the basic
S-N curves should be reduced by a factor of 2 on
life. The second concerns the effect of plate
thickness. This effect arises because the thicker the
plate, the more the crack tip is subject to plain strain
conditions, with consequent increase in true stress
range. The datum thickness for the T curve is
32mm; for other curves in that document it is
22 mm. For joints of greater thickness a correction
factor on stress range of (tB/t)l/J should be applied,
where ¢ is the actual thickness of the member under
consideration and tg the thickness relevant to the
basic S-N curve.

6.5 Design
6.5.1 General

The earlier sections of this chapter have described
the main aspects of fatigue behaviour and the data

that are available to assist in design against fatigue.
In doing so, they may have given the impression that
design against fatigue is an exact applied science.
The reality is very different. In the laboratory
fatigue results are notorious for their scatter. In the
design office analysis can rarely be carried out to the
level required to predict stress ranges accurately;
there is likely to be great uncertainty about the
frequency of occurrence of loading; the detail under
consideration is very likely not to fit neatly into one
of the classes. On site, the actual stress range for a
particular loading occurrence is likely to be influ-
enced strongly by detailed fit of the joint and overall
fit of the structure.

Faced with this practical uncertainty, the most
important attribute that the designer can develop is
an instinct for good, fatigue-resistant design. The
overall form should be such that load paths are as
smooth as possible. Additional unintended load
paths should be avoided; for example, some bracing
systems in multigirder bridges are inevitably going
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to attract significant primary loads — with conse-
quent potential for fatigue damage. Within the
connection, uncertainty of force path should be
avoided, particularly where fit could significantly
influence behaviour. Discontinuities must be
avoided by tapering and appropriate choice of radii.

6.5.2 Analysis and design approach

For design for static strength, both global and
connection analysis can usually be a crude affair.
Indeed, the force path concepts that underlie the
rest of this book are unlikely to satisfy fully the
compatibility, which is one of the ingredients of an
elastic analysis of an indeterminate structure or
connection. However, fatigue life for most welded
details is inversely proportional to (elastic stress
range)® and it is clearly very important to carry out
the best possible elastic analysis.

Globally, the analysis must model the structure in
sufficient detail to be able to determine the elastic
force ranges on the connection with acceptable
accuracy. The model must include all structural
components, including elements that would be
ignored for strength analysis but which may have
considerable influence on the detailed load paths
through the structure. If this is not carried out the
analysis will not reproduce the stress concentrations
from structural action that were considered in
Section 6.2.2. An example of this unintentional
structural action is given by some forms of stability
bracing in multigirder bridges, as referred to in
Section 6.5.1.

It is difficult to give specific guidance on
connection analysis because the most effective
approach will depend, on the one hand, on the
connection and its structural environment and, on
the other, on the format of design data that is being
used. Examples are given below:

1. Figure 6.14(a) shows a simple bolted splice. Here
the distribution of tension between the flange
and web would simply be proportioned by their
respective contributions to the overall moment of
inertia and BS 5400 data, types 1.6 or 1.7,
applied directly to the resultant flange stress.

2. In Figure 6.14(b) account needs to be taken of
the discontinuity of tension load path brought
about by the lack of stiffening to the column web.
The flange tension, obtained as in 1 above, is
assumed to be resisted only by the effective weld
area that is given by the dispersion rules of
Section 7.4.2. The resultant stress range in the
fillet weld is checked by BS 5400 data, type 3.11.

3. Figure 6.14(c) shows a situation where some
determination of the macroscopic stress concen-
tration is necessary. This could be obtained by
careful interpretation of one of the standard

references; the welded detail should then be
checked directly, again by BS 5400.

4. Figure 6.14(d) shows a typical offshore tubular

joint. Here the stress concentration can probably
be obtained from existing data, but may have to
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(a) Direct use of BS 5400: Part 10
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{b) Use of BS 5400: Part 10 and s.c.f.

(c) Determination of macroscopic s.c.f.
as standard case and use of basic
fatigue design data

! A

(d) Determination of macroscopic s.c.f.
by f.e. analysis or experiment and
use of basic fatigue design data

Figure 6.14 Different methods of design for (a) HSFG
bolted splice, (b) unstiffened moment connection, (c) web
opening in beam and (d) tubular joint




be determined experimentally if the joint propor-
tions are not adequately represented in that data.
The basic fatigue strength data will be applied as
in Section 6.4.4, using the T curve of the
Guidance Notes for Offshore Structures.

6.5.3 Variable amplitude loading, cumulative
damage and Miner’s Rule

All the previous discussion in this chapter has been
in the context of a single fluctuating load of constant
amplitude producing a constant stress range. In
practice, any particular detail may well be stressed
by more than one type of loading and each type of
loading may well vary in intensity.

When faced with such a variable stress history the
first step is to break the sequence into a stress
spectrum as shown in Figure 6.15, using a cycle
counting method. The two most popular methods
are the Reservoir Method, intended for hand
calculation of short stress histories and described in
BS 5400: Part 10, and the Rainflow Method,
intended for analysing long stress histories by
computer. Alternatively, a load spectrum may be
determined initially, as is the case for bridge design,
from which the stress spectrum may be determined
directly.

Under variable amplitude of stresses the life has
to be estimated by calculation of the total damage
arising from each band of the stress spectrum. The
damage done by each band is defined as n/N, where
n is the number of cycles in the band during the
design life and N is the endurance under that stress
range. If failure is to be prevented during the design
life, Miner’s Rule must be satisfied. This states that
the damage done by all the bands must not sum to
more than unity, i.e.

n ny n3 n
—+—=+—=4 .. +—-=<10
N N N, N,
U

True spectrum

Stress range Sor o,
k=]
S
3

ny N 3 s ts

Figure 6.15 Simplification of stress spectrum for design

6.6 Improvement and remedial techniques 87

Note that under variable amplitude, loading stress
ranges less than the non-propagating stress range
(0p) will still cause damage. This is because the
larger amplitude cycles will start to propagate the
crack and, once it is formed, the microscopic stress
range at its tip may still be sufficient to continue the
propagation even for very low nominal stress
ranges. In such circumstances the horizontal cutoff
at gy is replaced by a sloping line with a log gradient
of 1/(m + 2).

6.6 Improvement and remedial
techniques

There are several recognized techniques for impro-
ving fatigue performance, but it is not generally
recommended that advantage should be taken of
these at the initial design stage. However, the
designer should be aware of them in case either the
severity of the design fatigue condition worsens as
the design develops or the in-service behaviour is
less satisfactory than anticipated and remedial
action is required.

6.6.1 Weld toe grinding

Where fatigue cracks are going to grow from the
toes of welds, or the junction between beads in
multipass welds, as is usually the case, an improve-
ment in strength of at least 30% can be achieved by
controlled local machining or grinding of the toe for
single-pass welds or the entire surface for multipass
ones. The purpose of this is to remove the very small
cracks that will almost inevitably exist in this region
and act as initiators for fatigue crack growth.
Although these cracks are sharp, they are usually
not deeper than 0.5mm. The treatment should
therefore seek to produce a smooth concave profile
to the weld toe with a depth of at least 0.5 mm below
the bottom of any visible undercut. Where toe
grinding is used to improve the fatigue life of
fillet-welded connections care should be taken to
ensure that the required throat area is maintained.
Of course, where the fatigue crack may grow from
the weld root (as, for example, with a partial-
penetration weld) no improvement in fatigue life
can be anticipated from this technique.

6.6.2 Overall weld machining and profiling

The benefits of dressing off the reinforcement to
butt welds is already recognized in BS 5400, where
such details are given a higher fatigue classification
than undressed welds. A similar improvement is to
be expected where the profile of a fillet weld is
smoothed by dressing. Unfortunately, there are still
insufficient data to quantify the benefits of this
technique, but its use is to be encouraged where the
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design is very fatigue-sensitive and the costs of
repair of fatigue damage would be sufficiently high
to justify the additional initial cost. The technique
has found some practical use in the offshore sector.

6.6.3 Peening

Peening is the application of repeated hammering,
usually with a round-headed punch or hammer, to
cause local yielding of the material. It is applied to
the weld toe or other region where a fatigue crack
may initiate and has the effect of reducing locally the
tensile residual stresses. This decreases the mean
stress to which the critical region is subjected and
therefore improves fatigue life. Once again, there
are insufficient data on which to offer general advice
for design. An examination of the traditional fatigue
data in BS 153 suggests that a reduction in mean
stress by a factor of two (which ought to be
attainable on the surface if the peening is carefully
carried out) may improve stress range for a
particular design life by up to a factor of two. This
seems most encouraging; however, the real diffi-
culty is to ensure that the peening procedures can
reliably achieve this sort of reduction in mean stress.

Where this is proposed as part of some remedial
action to improve the design life of a weldment it
would be appropriate to carry out a simple test
series to check the efficacy of a proposed detailed
peening procedure for the particular joint in
question.

6.6.4 Repairs to cracked welds

Detailed repair requirements for welds that have
cracked from fatigue will depend very much on
circumstances, and it is not possible to make specific
recommendations. However, the following points
should be borne in mind when determining detailed
procedures:

1. If any portion of the crack remains it will
continue to act as a stress raiser.

2. The repair weld is likely to be carried out in more
difficult circumstances than the original one,
particularly if the latter was laid down in the
shop, probably in the downhand position. It is
therefore more likely to contain defects than the
original weld and to have a lower fatigue life.

3. It follows that, if possible, the repair weld should
be to a revised detail having a better fatigue
classification than the original one.

4. If at all possible, some additional stiffening/
strengthening should be added to reduce the
stress range on the detail where the crack has
occurred. .

6.6.5 Repairs to cracks remote from welds
Where the crack has propagated into, or originated

from, some region that is unwelded it is again
possible to offer some general considerations for
designers when they specify remedial action:

1. If any portion of the crack remains it will
continue to act as a stress raiser. Metallurgical
damage will have occurred some distance in front
of the visible crack tip and should also be
removed, preferably by drilling a hole with a
radius of at least the plate thickness, just
touching the visible crack tip and lying in the
direction of propagation.

2. Any repair to the crack back from this hole
should preferably be a full-penetration weld; this
will involve grinding a weld preparation onto the
two faces of the crack.

3. If possible, the repair design should incorporate
some strengthening of the structure, or other
modification, to reduce the stress range. Where
the fatigue damage arises from some unconsi-
dered structural action it may well be more
economic and more effective to modify the
structure to remove the unconsidered structural
action, provided, of course, that static strength is
not diminished to an unacceptable extent.

Bibliography and References

General and welded structures

1. Richards, K. G., Fatigue Strength of Welded Structures,
The Welding Institute, Abington, Cambridge, 1969.

2. Gurmney, T. R., Fatigue of Welded Structures, 2nd edn,
Cambridge University Press, Cambridge, 1979.

Boilts

See reference 9 of Chapter 5 for a general discussion.

3. Spiers, R. and Cullimore, M. S. G., ‘Fretting fatigue
failure in friction grip bolted joints’, Journal Mech.
Eng. Science, 10, No. 5 (1968).

4. ‘Fatigue test on high strength friction grip bolts and
Coronet Load Indicators', Technical Report 26, Cooper
and Turner, Sheffield.

Stress concentration factors

5. Peterson, R. E., Stress Concentration Design Factors,
Wiley, New York, 1953.

6. Roark, R. 1., Formulas for Stress and Strain, 5th edn,
McGraw-Hill, New York, 1975.

Design codes

7. BS 5400, Steel, Concrete and Composite Bridges. Part
10: 1980, Code of Practice for Fatigue, British
Standards Insitution.

8. BS 5500: 1985, Specification for Unfired Fusion Welded
Pressure Vessels, British Standards Institution.

9. Department of Energy, Offshore Installations: Gui-
dance on Design and Construction, 3rd edn, HMSO,
London, 1984.




7

Other components in the connection

7.1 Introduction

In Chapters 4-6 the behaviour and design of bolts
and welds were summarized. However, the com-
plete connection consists of much more than these.
The members being connected are usually subjected
to some local forces within the connection that
require special consideration. It is frequently
necessary to add some additional components, such
as stiffeners or gusset plates to complete the
connection. This chapter is devoted to the behaviour
and design of these other components. Such topics
are generally given much less attention than the
bolts and welds themselves, both in codes of practice
and in design textbooks. However, a reference back
to Section 1.4 on the necessity for complete
connection design should emphasize the importance
of the material presented in this chapter.

The comments in Section 1.2 concerning the
uncertainty of connection behaviour and the influ-
ence that this should have on sound connection
design have particular relevance in the design of
these elements. For example, quite arbitrary parti-
tions of load are sometimes made between parallel
elements on a particular load path. In such
circumstances it is essential that the individual
elements behave in a ductile way in order to permit
any redistribution that may be necessary.

7.2 Slenderness limitations
7.2.1 General

The local geometric limitations on outstands and
plate panels that should be adhered to in connec-
tions can usually be related to the criteria that are
used in general element design. These criteria are in
turn based on different performance requirements

for different types of stress resultant or loading.
Thus outstands in tension are limited by require-
ments of minimum robustness against accidental
damage and the need to ensure that shear lag effects
are sufficientty subdued that they may be ignored in
design.
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Figure 7.1 Local buckling in steel elements
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Outstands in compression and plate panels in
shear or compression are governed by the need to
prevent, or at least limit, the local buckling
indicated in Figure 7.1. Limiting geometric criteria
will be a function of the requirements for strain
capacity. For example, an outstand that is just able
to remain stable in the presence of extreme fibre
yielding would not be suitable for use in plastic
design, with its requirements for stability in the
presence of strains that are many times yield strain.

7.2.2 Classification of local geometric criteria
for compressive or shear stresses

Figure 7.2 summarizes the generally accepted
classification of geometric criteria for elements
subject to instability and Figure 7.3 illustrates the
influence of these criteria on behaviour by a
comparison of moment/rotation curves for a res-
trained I-beam. Definitions and applications to
element design are listed below.

Slender elements are those whose local propor-
tions are such that they will buckle locally before
attaining nominal yield stress. These slendernesses
rarely occur in rolled section structures but plated
structures may operate in this range (for example,
compressive plating with widely spaced stiffeners
where a reduced effective breadth is used).

Semi-compact elements are those which can attain
nominal compressive yield strain on their most
unstable fibres but will buckle shortly afterwards.
An example would be a plate girder designed
elastically for flexure.

Compact sections are those where a limited
redistribution can be permitted within the cross-
section; the extreme fibres will remain stable under

strains of two or three times yield strain. This is
sufficient, for example, to mobilize the effective
reserve of a cross-section in flexure beyond first
yield of extreme fibres; many modern codes permit
the design bending strength of such sections to be
based on the plastic rather than the elastic modulus.

Plastic sections are those which are of such robust
proportions that they will not be prone to local
buckling even when subject to strains that are many
times yield strain. They may therefore be safely used
in structures that are designed plastically, i.e. where
redistribution of moments is assumed to occur due
to the formation of plastic hinges.

7.2.3 Application to connection design

Similar concepts are relevant in connection design
although their application differs in detail. The
primary concern is with the degree of uncertainty of
any compressive load paths in the connection. The
extreme robustness of plastic geometric criteria is
not generally required. However, if there is any
uncertainty about the compressive load which any
element is going to be subject to, either of
magnitude or distribution over the cross-section,
then compact criteria should be used. It is only if
both the magnitude and the distribution of any
compressive load are known that semi-compact
criteria can be used with confidence in conjunction
with truly elastic design. Slenderness criteria are
rarely used in connections, and should only be
applied if the stresses are very low and if proper
account is taken of destabilizing actions. An
example is illustrated in Figure 7.5 and is discussed
later in this section.

Table 7.1 summarizes these geometric criteria in

Mp
s My
j=
c
2
"é Plastic Compact | Semi-compact
o
‘% Slender
[a]
Slenderness-b/t,d/t
e, = yield strain
Extreme fibre >e
strain at onset >>e v e <e
of buckling v <3e, ¥ v
. . . . Elastic 5
Design basis Plastic modulus| Plastic modulus | o o Reduced section
Rotation- Little or no Elastic or
permitted redistribution analysis reduced strength

Figure 7.2 Classification of slenderness limitations for local
buckling and their implications on design strength in
flexure
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Figure 7.3 Moment/rotation curves for restrained I-beams
of different cross-scction proportions

general terms' and Table 7.2 demonstrates their
application to the common structural steels. Alter-
natively, general local slenderness criteria from the
relevant code may be adopted. These tables also
present the criteria for gusset plates, which only
occur in connections and therefore cannot be related
to the general treatment for elements. The figures
presented are derived from traditional detailing
rules. These elements are permitted to be consider-
ably more slender than others: traditional
approaches are only suitable if the connection
geometry is such that unsupported edges of the
gusset plate are not subject to significant compress-
ion. If they are, they should comply with the general
criteria for compressive elements.

The application of these criteria is best illustrated

Table 7.1 Slenderness criteria for connections

Rotation

by examples. Figure 7.4 shows a fully welded
interior beam-to-column connection where the
column web requires both compression and tension
stiffening. Suppose the unstiffened web has a
capacity of 0.4P in compression. Designers have two
choices. They may design the stiffener (A) for 0.6P,
thus making an arbitrary partition of load P; in this
instance they should use compact criteria for
proportioning the stiffener, since the partition in
practice will tend to put a greater load than they
have assumed into the stiffener and it is required to
deform in a stable manner as load is redistributed
into the web. Alternatively, they may decide to
design the stiffener to carry the whole of P, in which
case they can be certain that the stiffener design load
cannot be exceeded by adverse distribution within

Semi-compact Slender
E

Compact

Plate element supported along bit < 1.00 E
both unloaded edges, in = p
compression Y
Plate element supported along E
both unloaded edges in shear or bit < 1.67 /—
in-plane bending Py
Plate element supported aiong bis < 0.35 E
one unloaded edge only L Py
Gusset plates Not applicable

E
bit <138 /—
. Py

E
bit < 2.30 \/——
Py
bt < 0.5 \/£
Py
E
bt < 2.07 \/—
Py

b/t < 1.38 \/—

a

E
bit < 2.30 \/—
f

bt <0.5 \/£
fa

As semi-compact

b: Unsupported width of plate or outstand, measured transverse to load.

t: Plate thickness.
E: Young's modulus.
py: Yield stress.

fa: 1.5 % extreme fibre stress at collapse (i.e. 2.25 X extreme fibre stress at working load).
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Table 7.2 Evaluated slenderness criteria for connections

Unsupported width of plate, or outstand

bit =
Platc thickness

Classification Compact  Semi-compact Slender
Steet grade 43 50 43 S50 - - -
Applied ext. fibre stress at - - - - 50 100 150
u.ls.
Plate element supported 27 24 38 33 70 51 42
along both unloaded cdges
in compression
Plate element supported 45 40 63 55 700 700 70
along both unloaded edges
in shear or in plane bending
Plate element supported 95 85 135 12 26 185 15
along onc unloaded cdge
only
Gusset plates 57 50 60" 60* 60"

*These slendernesses are restricted. on practical grounds.

P 8 P
MQ bM
A
y ——— "
P P

A

Figure 7.4 Stiffening for an interior beam-to-column
connection

the connection. In this instance they may use
semi-compact criteria.

The analogous consideration with the tension load
is that of weld size. The tension stiffener (B) is not
subject to any particular slenderness limitations
other than those conventionally used. However,
suppose the web tensile capacity is 0.5P and the
tension stiffener is designed to resist the remaining
0.5P. This is an arbitrary partition of load and
ductility must therefore be achieved. This necessi-
tates providing welds for (B) that are at least as large
as those required for ductility (see page 49).

Figure 7.5 shows a welded column bracket where
designers are faced with the problem of proportion-
ing the bracket stiffener. The load is low but has a
considerable eccentricity. Because of the compress-
ive stress on the extreme fibre it would not be

appropriate to treat this element as a gusset plate.
As the load paths are well defined it is not necessary
to use compact criteria, but even semi-compact
criteria can lead to an uneconomic stiffener operat-
ing at low stress. In this instance it would be
appropriate to use slenderness criteria, ensuring that
the ratio b/t does not exceed

\/ E
0.5 +/—
fa

in accordance with Table 7.1, where f, is 1.5 X the
extreme fibre compressive stress at collapse.

R & 5

Figure 7.5 Welded column bracket
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This point can be further illustrated by a therefore be able to transfer compressive loads. The
numerical example. Suppose that b = 375mm and latter restriction was imposed because it was not
the first trial design is based on semi-compact considered appropriate to permit any overstress on
criteria. From Table 7.2 the maximum b/t is 14.5 for the net sections in tension. The argument about
Grade 43 plate and the minimum stiffener thickness rivets is no longer valid for bolts in clearance holes,
is 30mm. When analysed, it is found that the although in many situations the bolts in the first row

factored extreme fibre stress is only 25N/mm? - in a compressive connection will remove sufficient
clearly an uneconomic design. As a second trial load from the connected member for the critical
design a stiffener thickness of 15 mm is considered; section to be the neighbouring gross section.

this gives a factored extreme fibre stress of It is now considered that a degree of overstress
50N/mm?. Table 7.2 indicates that this can be may be permitted on net sections in many circum-

sustained with a b/t of up to 26. The actual b/t is 375 stances without impairing structural safety. It is
+ 15 = 25, a more stable value, and clearly the argued that a local exceedance of yield over a small
design is satisfactory. proportion of the member length at the collapse
limit state is unlikely to lead either to unserviceabil-

. . . ity of the structure at the appropriate lower load

7.3 Local in-plane loading: effective factors or to cause any major redistribution of forces
and critical sections at the collapse limit state. It is, of course, necessary
to ensure that there is a suitable margin against
rupture of the net section. Different codes apply this
Design was traditionally based on gross sections relaxation in different ways. It is most normally
under compressive loading and net sections under applied to beams. There is less readiness to do so to
tensile loading. The former was justified on the tension elements because so many of these are only
grounds that the rivets would fill the holes and partially connected. The derivation of the empirical

7.3.1 Presence of holes
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rules for such elements, presented in Section 7.3.2,
is obscure. Because of this lack of knowledge it is
considered prudent not to permit any overstress.

In most codes the overstress is permitted by
modifying the definition of net section. For exam-
ple, the effective net section may be defined as k
times the true net section but not greater than the
gross section. The value of k might be 1.2 for Grade
43 steel and 1.1 for Grade 50. This variation in k
with material grade relates to the changing ratio of
yield stress to u.t.s. and ensures that there is a
minimum factor against rupture.

A particular problem arises if bolt holes are
staggered. As shown in Figure 7.6, there will
generally be more than one potential critical section.
The traditional, empirical, rule that is used in such
circumstances is that the effective net section along
any potential failure surface is the gross section
minus the sum of the bolt hole cross-sections plus
s’t/4g for each staggered line between bolt holes,
where:

s is the bolt spacing in the loaded direction
gis the bolt gauge transverse to the loaded
direction

The same figure illustrates the application of this
empirical design rule. For non-planar sections, the
gauge g should be the distance along the centre of
thickness of the section between hole centres.

7.3.2 Connection of tension members through
part of cross-section

It is common practice to connect angle, channel and
Tee sections through part of the cross-section only.
It is sometimes convenient to use partial connection
for other elements. There are traditional, empirical
rules for the more common situations that take
account both of the partial loss of effectiveness of
the cross-section and of the ensuing end eccentricity,
and these are summarized in Table 7.3. Where there
is no eccentricity (for example in an I-section
connected by the flanges only, or where bending is
prevented by other means) it is appropriate to use
the dispersion rules of Section 7.4.

7.3.3 Critical sections

Apart from the particular cases described above,
connection element and gusset plate design should
be based on checks of critical sections, making full
deductions for any holes and any reasonable
assumption for stress distribution. The dispersion
rules of Section 7.4 may often be used as the basis of
this distribution. Designers should be on their guard
for any unusual situations that may arise and lead to
particular difficulty.

An example that has been the subject of
considerable research is shown in Figure 7.7, the

Table 7.3 Effective areas for partially connected members

Effective area

Single angle connected throughone 342 + 44,4,
leg 34, + A,

Pair of angles connected together and
attached to same side of gusset or
equivalent by one leg of each angle

5A% + 64,4,

Single channel connected through the
SA; + A,

web

Single tee

Double angles or tees, back to back
+ connected to each side of gusset or
equivalent, and connected together
along length

Full sectional area

Ay Area of connected part.
Az Area of unconnected part(s).

{2

Critical section is A-B-C

A B-C is in tension
s A-B is in shear or shear
and bending
B C
2ur
{b)

Figure 7.7 Design of shear block in notched beam. (a)
General arrangement; (b) detail of web of minor beam

‘block shear problem’.? After a review of this
research and other design rules it is found that the
most appropriate design approach is to base the
shear capacity of AB on its effective section A(ap,




as defined in BS 5950: Part 1, Clause 3.3.3, and to
assume that BC is carrying half the tensile capacity
of its effective section A, gc). The factor of half is
necessary to provide some reserve to resist local
eccentricity. These rules are satisfactory for one or
more columns of bolts. Thus capacity is:

0.6py Ayap) + 0.5py Acsoy

7.4 Local in-plane loading: dispersion
rules

7.4.1 Behaviour

This is an aspect of connection behaviour that has
received relatively little attention in research.
However, if the information that is available is
combined with traditional design practice it is
possible to put forward a systematic approach to this
aspect of design.

One of the smallest dispersion angles put forward
was that due to Whitmore (reference 3 and Chapter
5, reference 9), when he suggested that the
maximum direct stress in a gusset plate from an
individual member could be estimated adequately
by ensuring that the member force was distributed
uniformly over an effective area given by a 30°
dispersion from the outer fasteners, as shown in
Figure 7.8(a). In a different context, studies of
short, side-fillet, welded lap joints suggested that

P
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\ Critical section of

gusset plate, subject to P

(a)

]
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Figure 7.8 In-plane dispersion near a free boundary. (a)
Gusset plate; (b) side-weld tension connection
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Figure 7.9 Effective width of equivalent column for
buckling under local compressive load

adequate joint efficiency could only be achieved if
the weld spacing was not greater than weld length.*
As shown in Figure 7.8(b), this implies a dispersion
of 27°. The common characteristics in these two
examples are the presence of a free, unstiffened,
boundary normal to the applied load, together with
a discontinuity of cross-section in the load path.
These cause local in-plane deformation, which limits
the spread of the load.

Wider dispersion can be permitted, even for
compressive loads which might lead to local
instability, if the element concerned has a stiffened
boundary along the loaded edge. Figure 7.9 shows
the traditional approach used for checking unstif-
fened beam webs under local loads or support
reactions. Where such elements are slender they are
likely to reach their maximum load-carrying capac-
ity before plasticity has spread to the mid-depth.
The satisfactory use of a dispersion angle of 45° in
this context suggests that such an angle can be
achieved in the presence of only very limited
plasticity. This is supported by the approaches for
determining stiff bearing lengths that are shown in
Figure 7.10.

Greater dispersion still may be permitted in
situations where considerable plasticity can be
tolerated and there is local symmetry, as shown in
Figures 7.11(a) and (c). In tension this is the case
where full-strength welding has been used that is
capable of ductile deformation. In compression
similar criteria may be used when checking local
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*

Figure 7.10 Stiff bearing length determined by dispersion
through a boundary clement. Note that no dispersion may
be permitted through packs unless they arc symmetric
about the point of application of load. Dispersion depends
on a plastic hinge forming in the flange, and that requires a
balancing restraint

crushing. Both these figures show the established
dispersion angle of 68°, which corresponds to a 1:2.5
spread. This has been widely used in other countries
for many years, notably Europe and the USA. The
traditional value in the UK used to be 60° but this is
now regarded as unnecessarily conservative. BS 449
partly compensated for the smaller spread by using a
higher stress. It is worth noting that still broader
angles are permitted for some steels and particular
situations in draft Eurocode 3, based on recent
Dutch research.

However, where there is no local symmetry, as in
Figure 7.11(b), this dispersion gives a significant
overestimate of strength. In such circumstances a
45° spread should be adopted, as shown.

7.4.2 Design

Based on the above discussion, it is thus possible to
make general recommendations for dispersion rules,
and these are summarized in Table 7.4. The only
intentional omission from this table is guidance on
the dispersion of bolt tensions through end plates
and flanges to their supporting members. Here,
behaviour is governed by flexure of the end plates
and flanges, and this aspect of dispersion is
discussed in Section 7.7.

Section 7.7.6 offers additional guidance where the
dispersion is taking place in the presence of high
stresses in the plane of the dispersing flange in Table
7.4(c).

7.5 Local in-plane loading: strength
assessment

The preceding two sections give guidance on the
effective sections that should be used for strength
assessment, and guidance is also needed on design
stresses before the strength assessment can be
completed. In tension the design strength is usually
based on the yield stress, although there is an
effective exceedence of this value because of
modifications to the critical net section, in certain
circumstances, as discussed in Section 7.3.1. In
shear the design strength is usually based on shear
yield. However, if the panel concerned has slender
proportions (see Table 7.2) the design strength
should be reduced in accordance with the general
requirements for such elements. In compression the
design strength may be a function of slenderness.
Where local buckling near the centre of the element
is being considered the radius of gyration is
determined from the effective section and the
effective length takes account of the boundary
conditions, as shown in Figure 7.12. For local
crushing, at the element boundary, the design
strength is taken as the yield stress.
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- ,
§§ctt'.°§r', Effective length -
'/5': D-d :

T 2 1 1 B2 in 2%

in1
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Effective length

k=T
L
(b)
rﬁ-‘ In co ion b, i
) . compression b, is
1in 2% grrrn 1 in 2% __J_ stiff bearing length
i —L k

In tension b, is length

Effective length of attachment weld

(c)

Figure 7.11 Effective length of web under local tensile or
compressive loads
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Table 7.4 Recommended dispersions of in-plane forces
RESII\IE CONDITIONS EXAMPLES
30° Near a free boundary where
in-plane distortions will
modify stress distribution
A
(i}  Symmetric partial connection (as illustrated above)
(ii) Gusset plates - Fig 7.8(a)
(i} Side welded tension connections - Fig 7.8(b)
45° Near boundaries where boundary 44 .
members inhibit in-plane ARRLN 1/ Evfigetcf;“ve
distortion, but where strains —1-
have to be limited. .e. In tension —= Partial
if partial strength welds are used; & pect strength AV
in compression if bucklin%can ' weld 777772
occur, or if deformations have to 45°)[ 45° Y
B be limited, or if there is a lack of
local symmetry l (i} Local crushing without
symmetry
(i) Cruciform connection (as illustrated above)
(as illustrated above)
(iii) Equivalent column — Fig 7.9
{iii) Stiff bearing — Fig 7.10
68° Where ductile behaviour is T T T T T T T T
- guaranteed and where there H
tan'2.5 | § b . Effective
’ is rzjo frestrlctlon oln local strains ds width
or deformations. |.e. |n tension
where full strength welds are used; /svlé}ldstrength
C in compression where instability Y =
is not a consideration 68° ﬁgo—‘l
(i) Cruciform connection
(ii) Local crushing - Fig 7.11(c}

7.6 Local in-plane loading: stiffener
design
7.6.1 Stiffener choice

There is some confusion about the appropriate
choice of stiffener. This at least partly stems from
some rather ambiguous wording in BS 449, which
required that:

The ends of load bearing stiffeners shall be fitted
to provide a tight and uniform bearing upon the
loaded flange unless welds designed to transmit
the full reaction or load are provided between the
flange and stiffener.

In practice the designer should have considerable
freedom in his choice of stiffening. Where the
stiffener is only required to overcome a local
overstress close to the point of application of the

load, stub stiffeners, as shown in Figure 7.13(a),
may be used. Their length should be based on two
considerations. First, they should be attached to the
web by a sufficient length of weld for their load to be
transferred to the web in shear. Second, they should
have sufficient depth to be able to resist in-plane
bending as the distributed load is transmitted to the
web. (This latter consideration is only significant for
short, wide stiffeners.)

Long, singly fitted, stiffeners, as shown in Figure
7.13(b), should be used to prevent buckling of the
web. These should be fitted to the flange through
which the load is transmitted but need not
necessarily be fitted to the other flange. Subject to
the comments below, it is generally satisfactory and
considerably cheaper to curtail these stiffeners short
of the unloaded flange, using the detailing rules for
intermediate stiffeners.
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} }

} t
{Normal} Ends restrained Ends restrained against
against both rotation and rotation but not against
relative movement relative lateral movement
/1=0.2d /=120
A=2.5d/t A=4.2D/4

| |

¥ t

Ends restrained against Ends not restrained against
relative lateral movement rotation nor against
but not against rotation relative lateral movement

/=D {but see note 2) /= 2D {but see note 2)

A=3.504 A=7.0D/
¥ Notes (1) A =//r
d isdepth of web
D is overall depth
of section
t isweb thickness

{2) When the ends are not
Equivalent column is restrained against rotation,
‘relieved’ of load along its |/ should be based on the
length. Traditional approach|distance between the

IS - 0.7d effective centres of rotation,
: which may necessitate
A=25d1 taking effective lengths

greater than D or 2D

Figure 7.12 Slenderness of equivalent column for buckling
under local compressive load

Fully fitted stiffeners, as shown in Figure 7.13(c),
need only be used in the following circumstances:

1. Where significant load is transmitted through the
member (as illustrated);

2. Where the stiffener is over a support and the
beam is subject to lateral-torsional buckling. In
these circumstances the stiffener has an impor-
tant role in controlling overall instability. In the
absence of detailed guidance about how curtail-
ing stiffeners could modify behaviour, curtail-
ment should be avoided;

3. Where the stiffener is required to resist any
distortion of the unloaded flange;

4. Where the stiffener is required to transmit any
torsional moments, including any restraint ac-
tion, into the beam. This is particularly important
where fatigue is a consideration; any gap
between the end of the stiffener and the flange
could lead to unacceptable local bending stresses
in the web.

7.6.2 Effective section and design stress

Unless covered separately under some aspect of
dispersion, it is customary and reasonable to assume
that part of the stiffened element is acting in
conjunction with the stiffener when determining
resistance to buckling. Figure 7.14 shows typical
proportions. Design stresses are based on considera-
tions similar to those for the unstiffened plate, once
again taking account of support conditions in order
to determine the effective length of the equivalent
strut for compressive loading, in accordance with
Figure 7.12.

e

Fitted Fitted Fitted
here ! 4 -~ here ~ here
7 L ( 4

(a)

Figure 7.13 Load-bearing stiffeners. (a) For local crippling
in compression; (b) for web buckling where load is
dispersed into web; (c) for web buckling where load is
transferred through element

{ Curtailed by
» 5 x web thickness

=T

(b} {c}
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Figure 7.14 Effective cross-sections for stiffeners

7.7 Local out-of-plane loading
7.7.1 General

In marked contrast to most other topics discussed in
this chapter, plates and other elements that are
locally loaded in shear and flexure by bolts in
tension have been the subject of substantial research

Calculated stiffness, ignoring

-~ connection flexibility
|

o — — — — — = —

0.75 1 J

0.51

0.25 4
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activity in recent years. Most of this work has been
in the context of moment-resisting beam-to-column
connections, and it is well summarized in reference 5
and Chapter 5, reference 9. The method of
theoretical study most widely used has been that of
yield line analysis, and the yield line pattern has
frequently been determined empirically. Because of
variations in proportions, different experiments
have resulted in different yield line patterns, which
in turn have led to different formulae for ‘design’.
Complete design of this portion of the connection
has, in any case, to consider much more than just a
simplified distribution of local hinges with severe
deformations at the collapse limit state. As shown in
Figure 7.15, plasticity and its associated non-
linearity of behaviour can frequently commence at a
low proportion of the load which produces the final
yield line pattern. It is therefore important to
consider, at least implicitly, the serviceability
condition. It is probably unrealistic and indeed
unreasonable to insist that a separate calculation has
to be carried out, which demonstrates that there is
no local surface yielding at a load factor of 1.0.
However, some means of limiting plasticity and
non-linearity should be built into the design. In
addition, the designer needs information on the
distribution of shear among the elements supporting
the plate in flexure if the attachment welds and the
elements themselves are to be designed properly.

7.7.2 Long Tee stubs

The most straightforward situation occurs where
there are two rows of bolts arranged symmetrically
about the stalk of a long Tee stub. The traditional

Serviceability moment without redistribution

0.02 0.04

0.06 0.08

Rotation (radians)

Figure 7.15 Moment/rotation curves for interior beam-to-
column connections




100 Other components in the connection

&g
\ A
ol
8 »60°
{a)
-—
— )
-— 2 Total load
-— | W& of P
-— Y ————
I .
b
e
S LN
U

w=2s+35bif 2¢ >3.5b
b is defined in Section 5-3-2
{b)

Figure 7.16 Traditional approach to effective breadth of
flanges under flexure from local bolt loads

approach to design was to use a simple dispersion
angle from the bolt centreline, as shown in Figure
7.16. This defined the effective width of flange in
flexure, which would be considered to act in single
or double curvature as appropriate, as 2s + 3.5b
(provided that 2s 3 3.5b).

If, in the four-bolt example shown in Figure
7.16(b), the flange is assumed to be in double
curvature and the element is designed using the
elastic modulus the capacity would be calculated as
follows:

Moment at root line = M =

L
(and at bolt line) 2

b
x—-—
2

The elastic moment of resistance (Mg) of flange at
root line (and at bolt line) assuming maximum
spread of 60° from bolt to root, is given by:

t2
My = 36L (25 + 2ban60°)

IfM = M,
20,7
P= —‘3—%— (25 + 3.5b) (7.1)

where P is the total flange capacity for four bolts, g,
is the yield stress of the flange material and ¢ is the
flange thickness.

If the plastic moment of resistance is used:

P= gbLtz (25 + 3.5b) (7.2)
In the above analysis, the flange has been assumed
to be in double curvature. This means that prying
forces (Section 5.3.2) must occur at or near to the
edge of the flanges to balance the moments at the
bolt lines. Note that this traditional approach also
gives the designer information on the distribution of
tension in the Tee stub web and in any weld
attaching the web to the flange.

Much research activity has been devoted to
investigating the yield line patterns that occur in the
flange in such circumstances, and a comparative
study of this research has recently been carried out.’
This is summarized in Figure 7.17; Figure 7.17(a)
shows a yield line pattern for a doubly symmetric
four-bolt flange connection. The remainder of the
figure shows different yield line patterns with the
effective lengths for the same four bolts as that
shown in (a), although advantage has been taken of
symmetry to show only one bolt in the sketches. The
most conservative pattern, and therefore the one
most suitable for design, is that shown in Figure
7.17(g). Using this pattern, the tension capacity of a
four-bolt connection would be derived as follows.

The moment (M) at the root line (and at the bolt
line) is given by:

P b
M=—x—
2 2
The plastic moment of resistance of the flange (M),
for an effective length Ly = 25 + 2a + 2.8b, is given

by:
_or
M, = 4 (25 + 22 + 2.8b)
M =M,
t2
P= ‘—’IY)— (25 + 2a + 2.8b) (71.3)

Once again, this analysis assumes double curva-
ture and therefore requires prying forces for
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Figure 7.17 Yield line patterns for long-flange Tee connections with yield lines between bolt holes. L, is
effective length of equivalent cantilever (i.e. w in Figure 7.16(b))

equilibrium. If the distance from the bolt line to the
edge of the plate is greater than 1.7b then use 1.7b
instead of a in the formula. This is to cover the
possibility of a local yield line forming around the
bolt. (See also Section 7.7.6, when there are
significant axial stresses in the flange.)

For a typical arrangement where, say, s = band a
= b, the above formula gives an increase in design
capacity of 84% compared to the traditional
approach using elastic design or 24% if plastic
bending capacity were used.

With the pattern shown, the boundary shear per
unit length is 0,/2b between the bolts. Thus the
load per unit length on the web is oytz/b. (This shear
is determined from the moment gradient in the plate
between the two parallel yield lines. Elsewhere,
where yield lines of opposite sign converge to a
point, infinite shear is implied, which shows the
limitations of these simple plastic analyses.) In
neither method of design is it usually necessary to
take direct account of the presence of bolt holes, for
the reasons given in Section 7.7.4.

If the flange is stronger than necessary, due to oy
or t being greater than the minimum required, the
complete hinge system will not form and there may
be a higher concentration of reaction adjacent to the
bolt. If the flange is connected with fillet welds, care
must be taken to ensure that they are not critical,
bearing in mind their limited ductility.

It is more difficult to give precise guidance on
means of ensuring that early yielding of such
elements does not lead to unserviceability of the
structure. Figure 7.15 showed the overall response
of a connection containing such flexural elements,
and the early departure from linearity can clearly be
seen. The appropriate action in design should

depend on circumstances. Thus in a plastically
designed portal frame, where deflection does not
govern the particular design and cladding is tolerant
of limited frame movement, it seems unlikely that
the degree of non-linearity shown would cause any
difficulty in practice. No additional design checks
would seem appropriate, whichever method of
design for strength is used. However, in any frame
where either deflections govern design or the
finishes are intolerant of frame movement it would
seem important to ensure that significant plasticity
did not occur at working load levels.

The vyield line pattern that ultimately leads to
collapse of the flange or end plate forms progres-
sively as the applied load is increased. It would
normally start to form at the root opposite the bolt,
and surface yielding is likely to occur before working
load is reached. This is not normally considered to
be detrimental. (The possibility of yielding of the
cleats in simply supported end connections at
working load has long been accepted.) For connec-
tions of normal proportions (i.e. where the bolts are
reasonably close to the web) major movement will
only occur as the development of the full yield line
pattern is approached. Up to this stage the
movements are small compared to the ‘lack of fit’
due to fabrication and erection tolerances. A
satisfactory design for most multistorey frames
should be obtained if it is based on a yield collapse
of the plate with an additional y factor of 1.15. It is
only if very stiff connection behaviour is required
that design need be based on the more conservative,
elastic approach. Thus equation (7.3) is modified to:

tZ
P =2 (25 + 2a + 2.8b)

7.4
1.15b 749
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Figure 7.18 Analysis of plate supported on two sides and
loaded by a single bolt. (a) Actual plate; (b) simulation as
two cantilevers

(See Section 7.7.6, where there are significant axial
stresses in the flange.)

The additional factor of 1.15 does not need to be
applied for the design of the bolts if the tension
capacity is taken as:

YA, 0.7U; ,
t

but %

m m

and prying forces are included.

It is, of course, most important that the design of
any plate in flexure is carried out in a manner
consistent with the determination of the prying
action of the plate on the bolt. The above discussion
relates to the limiting case where the plate is in
symmetric double curvature, giving an upper bound
on the prying force. In such circumstances the
prying force may be calculated in accordance with
Section 5.3.2. This value should be compared with
that implied by the moment in the plate at the bolts,
assuming that the prying force is acting at distance n
from the bolts. If there is any significant disagree-
ment the more conservative (i.e. greater) prying
force should be used when determining total bolt
forces. Where, in order to limit the total bolt force,
lesser prying forces are required these should be
calculated in accordance with the same section.
These should then be used in conjunction with the
traditional effective width approach outlined above
to determine the compatible distribution of mo-
ments in the flange or end plate. It is not correct to
use these lesser prying forces with the above yield
line approaches because they can only develop with
full prying action.

Finally, a note of caution should be sounded
about the traditional 60° spread from the bolt
centreline for the determination of the effective
breadth of flange in flexure. It becomes unsafe
where the bolts are not reasonably close to the web,
i.e. if b > 3a. (Above this limit it gives a higher
value than the 2a + 2.8b from yield line analysis for
a single bolt.) For such situations it is better to adopt
US practice, i.e. to assume a spread of 45° from the

K Position of w, it

prying force

No dispersion angle shall be greater than 60°

(b}

edge of the hole so that the effective width for a
single bolt becomes D + 2b, where D is hole
diameter.

7.7.3 Short Tee stubs

Where the Tee stub is too short for the full yield line
to develop the element will simply behave as a
beam. It may therefore be treated by the traditional
method, with the effective breadth replaced by the
true one.

7.7.4 Plates supported on more than one side

It is possible to idealize a plate supported on two
adjacent sides, as shown in Figure 7.18(a), as two
overlaid Tee stub flanges. Insufficient research has
been carried out to justify any yield line analysis for
general use (although results are available for
particular cases), and it is therefore appropriate to
use an extension of the traditional, effective-width
approach in general design. The two -effective
cantilevers are shown in Figure 7.18(b), including
various restrictions on geometry. Note that in the
corners the effective breadths of the cantilevers are
only taken as 70% of the distance from the bolt line
to the adjacent support. This allows for the
formation of fan type yield lines in the corners, i.e. it
recognizes that not all the plate can deform in
flexure. Partition of the load between the beams can
usually be based on their relative plastic capacities.
Thus:
wy/by

x= T T, X
(wi/by) + (wy/by)

w,/b
=—2X) __xF

By = o) + (wyby)

where F, and F, are the loads transmitted to the xx
and yy boundaries and F is the total external load on
the bolt, i.e. without any increase for prying action.
It is then possible to proceed as before, in
accordance with the traditional method of Section
7.7.2.

F;
(7.5)
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9

Practical considerations for economic design

9.1 Introduction

The total cost of a steel structure is the sum of the
costs of the material, design, fabrication, erection
and corrosion protection. The breakdown between
these components varies with type of structure, time
and location. The complexity, degree of repetition
within the structure and the severity of design
specification all vary with structural type and all
have a major influence on economic design. Figure
9.1 shows the changes in the relative cost of material
and labour that have taken place in recent decades
for various locations. It is clear that even for a
particular location the most economical design will
vary with time, with a general tendency for
economic designs to become simpler and less labour
intensive. Economic design will certainly vary from
one country to another. Within a country the most
economic details will vary from fabricator to
fabricator and will depend on the equipment and
skills of a particular shop. It is particularly notable
that productivity has improved in recent years, with
the greatest advances occurring in the more
advanced economies. Improvements in cutting and
welding technology have played their part, but the
greatest progress has been due to the increased use
of automatic plant.

With such a complex and variable situation it
becomes very difficult to offer guidance on econo-
mic design. The comments in this chapter are
inevitably of a general nature, and in almost all cases
it will be possible to think of counter-examples
where the reverse to the guidance offered will be
appropriate. In most cases economic design is little
more than applied common sense; none of the
advice given should be applied in a context where it
disagrees with that guidance.

There is one generality to which there can be no
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Figure 9.1 Cost ratio between labour and material

counter-examples. It is that connection design and
detailing are of primary importance for the economy
of the completed structure. Material costs are
unlikely to be more than 40% and may well be as
low as 20% of the total cost. Corrosion protection is
unlikely to exceed 20% and is usually considerably
less. The remaining costs of design, fabrication and
erection (rarely less than 50% and frequently a
greater percentage of the total cost of the steelwork)
are primarily concerned with connections. A
carelessly conceived welded connection which re-
quires an unnecessary rotation of the assembled
fabrication with special cranage to complete the
welding could spoil an otherwise economic design.




A choice of truss arrangements that requires angled
cuts and precise fitting of the web members could
add 10 hours per tonne to fabrication time. Lack of
provision of erection bolts could double erection
costs. Inadequate provision for adjustment could
lead to expensive remedial measures on site to
correct a lack of fit. The list could be endless. In
almost all cases such mistakes simply arise from a
lack of foresight, practicality and common sense.

9.2 Choice of method of connection
9.2.1 General

Selection of the method of connection is governed
by two criteria that are frequently in conflict.
Clearly, the method of connection must be compati-
ble with the design requirements for the connection
and the structure of which it is part; strength,
stiffness and deformation capacity need to be
considered. Second, the choice of method of
connection must take account of economic factors.
The designer is looking for the most economical
method of connection that is structurally acceptable.
In the following sections detailed guidance is given
on the relative economies of different types of
connection and general guidance on structural
acceptability. For more specific guidance on this
latter topic, the reader is referred to Chapters
10-16.

9.2.2 Choice between welded and bolted
connections

Under controlled conditions at ground level it is
generally cheaper to fabricate a welded connection
to transmit a particular shear or tension load than a
bolted one. Thus for connections carried out in a
fabrication shop there is a clear preference for
welding. It is only in quite special circumstances that
bolting would be preferred (for example, if the
holing lines in the shop were underutilized and the
welding bays overloaded).

On site the situation is less clearcut, although, in
general, bolting is favoured for work in the UK for
the following reasons:

1. Better access must be provided to a welded joint
than a bolted joint, both for the welders and their
equipment.

2. Welders must be protected from the elements if
they are to achieve satisfactory connections.
Preheating is considerably more difficult on site
than in a fabrication shop.

3. Traditionally, welders on site were charged with
full shop overheads, and this made them
extremely expensive operatives. (However, some
site welding is now carried out by subcontract
welders without such artificial penalties.)
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4, Bolting can be carried out by semi-skilled
operatives. '

5. Certification of welders and procedures for site
work is frequently required for each site.

6. Bolted joints may be more readily inspected.

Ttems 1, 2 and 5 involve considerable expenditure
when site welding is set up. Thus it is most unlikely
to be economic for small-scale construction where
this initial overhead could not be justified. It is
generally thought that site welding should only be
considered for structures of over 500-1000 tons.
Even above this size any difficulty in meeting the
other requirements noted above will preclude its use
on economic grounds. If the decision is made to opt
for site welding, design of the connections should
certainly recognize the greater difficulty of site
work.?

9.2.3 Choice between fillet and butt welding

Figure 9.2 compares the cost of fillet and butt welds
for varying plate thicknesses. It can clearly be seen
that there are considerable economic advantages in
choosing the former where static strength is the sole
criterion. Note that the cost comparison is based on
a 6mm fillet weld, which is the largest single-run
fillet weld that can be laid by traditional manual
welding. The difference in cost becomes much less if
larger, multipass, fillet welds have to be used. Table
9.1 summarizes the relationship between fillet weld
size and number of passes for manual welding. Since
fillet weld cost is primarily a function of number of
passes it can be seen that there is a very non-linear
relationship between fillet weld size and cost. It is
rarely economic to use more than a 12mm or 15 mm
fillet weld, unless submerged arc welding is used.

2.0J
X
151 ’
Full-penetration
R butt weld

1.01

0.5

6 mm fillet weld

==
20 40 60 80

t {(mm)

_ Cost of a metre of weld

R = Cost of a tonne of steel

Figure 9.2 Comparative costs of butt and fillet welds



130 Practical considerations for economic design

Table 9.1 Relationship between fillet weld size and number
of passes for manual metal arc welding in the downhand

position

<6 810 11-13 14-16 19 22 25
7 10

Leg size
Numberof runs 1 2 3 4 5

Other reasons for choosing butt welds despite
their greater costs are:

1. Greater fatigue endurance;

2. A more pleasing appearance;

3. If lap plates are necessary for fillet welds and
would lead to corrosion traps.

9.2.4 Choice between dowel and HSFG bolts

Figures 9.3 and 9.4 compare the design strength of
Grade 8.8 dowel or bearing bolts with HSFG bolts.
It can be seen that, except for situations where
tensile loads predominate, the former has a greater
design strength. In addition, there is a price
differential of approximately 40% in favour of
Grade 8.8 bolts and their installation costs are
generally substantially less. The greater installation
cost of HSFG bolts primarily relates to the need for
powered torquing equipment and the associated

16 kN
1604 155 kN !
140 4
M24 8.8 bolt

1204
3
X
= 100
L
g M24 general
-] grade HSFG
E 804 bolt

60

40+

20..
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.
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Bolt shear (kN)

Figure 9.3 Design strengths of HSFG and Grade 8.8 bolts
to BS 5400: Part 3
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Figure 9.4 Design strengths of HSFG and Grade 8.8 bolts
to BS 5950: Part 1

requirement for temporary staging. Grade 8.8 bolts
can be installed in a spanner-tight condition without
any staging. Thus the economic arguments are
strongly in favour of using dowel bolts wherever
possible.

The primary structural difference between the
two fasteners is the greater flexibility of the bearing
bolt. The bolts are always used in clearance holes
and, because they are untorqued and the faying
surfaces of the joint are not prepared to enhance
friction, they will slip into bearing under low shear
load. If this potential movement can be accommo-
dated then economics dictate that these fasteners
should be used; if not, then HSFG bolts should be
specified. There is some disagreement about the
classification of situations where bearing bolts may
or may not be used. In commonsense terms a shear
displacement (for example, where a beam end plate
is bolted to the face of a beam) will not generally
create difficulty for the structure. (In practice, at
least some bolts will be in bearing due to the
self-weight of the beam.) However, a ‘flexural’
movement (for example, where a beam is spliced
with cover plates and bolts in shear) is likely to lead
to unacceptable deformations in the structure,
HSFG bolts should therefore be used.

There are two other situations where spanner-
tight dowel bolts would not be acceptable. Where
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Figure 7.19 Analysis of a plate supported on three sides
and loaded by a single bolt. (a) Actual plate; (b) simulation
as a cantilever and beam

If a plate is supported on three sides, as shown in
Figure 7.19(a), the same broad principle of super-
position may be applied. The plate should now be
considered as a Tee stub flange and a built-in beam,
as shown in Figure 7.19(b). Once again, a conserva-
tive general bound on effective widths may be used.
Load partition is now given by:

w, /b,
F, = < F:
(wb) + (wylby) + (wylby)
= wy/by .
i (wilby) + (wylby) + (wy/b;) xF, (7.6)
w,/b,

Fe = by + (mgby) + (o) < ¢

In both the above cases it is necessary to ensure
that the built-in boundary conditions shown in
Figures 7.16 and 7.17 are justified by the actual
support conditions. This criterion can usually be
satisfied by inspection, that is, by ensuring that the
plastic moment capacity of the plate can be
developed by the supporting element and any
extension of the plate. Where this condition is not
satisfied the capacity of the boundary hinge must be
based on the flexural capacity of the supporting
element. In all cases the reduction in plate bending
capacity described in Section 7.7.6should be
allowed for in the presence of significant axial
stresses in the plate. It is frequently convenient to
apply the reduction coefficient simply to the width
of plate that is transverse to the direction of the axial
stress. '

The formulae given above for the partition of Fto
the supporting elements are based on plastic flexural
action. This is reasonable for such a ductile element
which could accommodate any variation from this
distribution. However, the supporting elements may
be less tolerant. Elastic distributions of load to the

supported elements are given for the two-sided case
by:
Fl = wylby> y
T (widb) + (b))
wy/by3 X F
3 3
(wibs) + (wylby")

For the three-sided case the corresponding distribu-
tions are:

7.7

and F,’ =

F = w)(/ bx3 % .
< T b+ o) )
'= wy/by® _
Fy N (wx/bx3) + (Wy/byS) + (wy/bz3) X Fa (7.8)
Wb,

!

F = F
(wdb ) + (wylb,) + (k)

In designing the attachment welds to the loaded
plate it would be prudent to take the more severe
value (of F, and F,’, etc.) of the elastic and plastic
distributions. Generally, the reactions should be
assumed to apply on the line of the bolts.

Prying forces may be evaluated separately for
each of the Tee stub flanges. (The built-in beam, i.e.
the three-sided case, is unlikely to produce signifi-
cant prying unless b, and b, differ considerably — a
case that is discussed below.) In the two-sided case,
where the two Tee stub flanges are overlaid, the
greater prying force should govern bolt design.
Once again, any design based on less than maximum
prying action and other than full double-curvature
bending should be consistent between bending
action in the plate and assumptions for bolt tensions.
The calculated prying force should be applied at the
positions shown in Figures 7.18 or 7.19 and the
calculation be carried out for each of the overlaid
elements.
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Figure 7.20 Design approach for a plate supported on two
sides

Where the proportions (and therefore the con-
tributions to strength from the alternative load
paths) differ considerably, little is to be gamed from
considering the combined action. It is suggested
that, for the two-sided case, if by > Gmin + 1.4b,
assume that all the load is supported on edge XX
and vice versa, where a,, is the lesser of a, and a,.
For the three-sided case, if bx > 1.4Vb,b, assume
that Fx = 0 and design the plate as supported on two
opposite sides; if b, > 2b, ignore the support on
edge ZZ and if by > 2b, |gnore the support on edge
YY.

Figure 7.20 shows an example of the application
of the above principles to a practical, end-plate
connection. The two superimposed beams in Figure
7.20(b) are considered separately in accordance with
the above recommendations.

7.7.5 Reductions in effective section due to
holes

Calculations of moments on critical sections are
based on the assumption that bolt loads are applied
as point loads on the bolt centreline. In practice,

Nominal critical section

1

these loads are applied by distributed pressure
under the bolt head. As shown in Figure 7.21, this
reduces the peak moment considerably. It has been
shown that, for most practical connections, i.c.
where w > b, this conservatism is sufficient to
permit design to be based on the full section,
without any reduction for the bolt holes. If w < 3
then deduct full hole; use a linear interpolation for
values of w between b and b.

7.7.6 Reduction in plate bending strength
from axial stresses

By simple application of plastic analysis it can be
shown that the plastic bending moment capacity per
unit width (m,’) of a flat plate in the presence of
axial stresses is given by:

: £ pyf?
mp =|:1_'_z S=wmp

3| (7.9)
y

where f, is the average stress in the plate due to axial
load,

This adverse interaction only occurs where the
stresses are in the same direction (for example, in a
transverse hinge in a column flange). It is usually
convenient to apply the reduction factor to the width
of plate in bending. Thus a and b should be replaced
by:

2 2
a[l - sz] and b[l - f—12-:|
Py 2py

in the expression for L, in equations (7.3) and (7.4)
in the presence of significant axial stresses. (The
reason for the coefficient 2 in the denominator of
the reduction factor for b is that only half of the
yield lines associated with the 2.86 length are
transverse to the flange.) A similar reduction in

[

-—

[
Reduction in maximum moment
by bridging action of bolt head

\_,_,..! —

Bending moment diagram for end plate

Figure 7.21 Bridging action of bolt head on plate flexure
around bolt hole



7.7 Local out-of-plane loading 105

Table 7.5 Flowcharts for selection of methods of analysis for end plate beam/column connections in buildings

Overall analysis

Use Section 8.3

Analysis of end plate/ column flange

high connection stiffness not crucial for serviceability or stability

Multistorey sway frame with low critical load ratio where high Y Use elastic analysis and traditional
connection stiffness under factored load is necessary for stability > dispersion (¢.g. equation (7.1) for
4 tension bolts)
N
y
Multistorey sway frame where high connection stiffness is only Y Use plastic analysis with some
necessary to ensure serviceability (most practical frames) conservatism (e.g. equation (7.2)
or equation (7.4))
N
Single storey or low-rise multistorey building designed plastically, Y Use plastic analysis and yield lines

(equation 7.3)

Consideration of prying forces

(2) aand b sensible minimum values, # 2d

Is connection of conventional proportions, i.e. (1) End plate and
flange thickness
> bolt diameter Y >
(Grade 8.8)

Carry out initial design without
dircct consideration of prying.
Subscquently, check that Q is not
significantly greater than notional
20% allowance in BS 5950 (scc
Scction 5.3.4)

(3) a £ b?
1~

Design from first principles to cquations (5.12), (5.13) and (5.21)

effectiveness can also occur when a concentrated
load is dispersing through a flange. Here the most
convenient approach in design is to replace the
conventional 1:2.5 spread by 1:2.5Vp.

7.7.7 Design

For bridges, Clause 14.3.6 of Part 3 of BS 5400 gives
quite specific guidance on methods of design for
local out-of-plane loading from bolts in tension. The
principal design freedom concerns the selection of
prying force. A low force will cause the plate to be in
the largely single-curvature bending, increasing the
governing moment and hence plate thickness. Such
a design would be appropriate where the designer
wished to minimize the design bolt forces and was
prepared to compensate by increasing end-plate and
column flange thickness. A higher value of prying
force would clearly increase the bolt design forces,
but there could be compensating reduction in
end-plate and column flange thickness.

For buildings, there is much less detailed advice,
and therefore much greater freedom of choice for
the designer. This choice can be bewildering, as the
designer seeks to match connection stiffness require-

ments with selection of method of analysis and to
reconcile structural economy with a minimizing of
design effort. The flowchart in Table 7.5 is an
attempt to rationalize the designer’s principal
choices for moment-resisting beam-to-column con-
nections, the most common situation where ele-
ments are subjected to local out-of-plane loading.
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Analysis

8.1 Introduction

It is a recurrent theme of this book that, for many
connections, an approximate method of analysis is
at least as appropriate as traditional, ‘rigorous’
analysis based on questionable assumptions.
However, in many situations these traditional
analytical approaches are as convenient as any other
to use and probably no less correct. Their usage is
likely to continue in appropriate circumstances for
the foreseeable future.

In this chapter their derivation from first princi-
ples is first summarized. Guidance is then given on
their application, including any special considera-
tions that may be necessary if computer-based
solutions are utilized. Finally, because all these
methods of analysis are more or less tedious to use
in practice, a series of interaction diagrams is
presented. It is hoped that these will be a useful
complement to existing, tabular, design aids.

8.2 Bolt greups subject to shear and
moment in their shear plane

8.2.1 General

Figure 8.1 shows the most general case of an

arbitrarily distributed bolt group subject to shears

P, and P, acting with eccentricitics e, and e,,

respectively, about the group centroid. (The eccen-

tricity e, is defined negative as shown in order to

ensure that clockwise moments are positive.) All

methods of analysis assume that:

1. Deformation of the connected parts may be
ignored;

2. The relative movement of the connected parts
may thus be considered as the relative rigid body
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X

vV,

Centroid of bolt group . Bolt i
Xil yi
Y
ex
Al
PY
!

Figure 8.1 General system of analysis. (Note that e, is
negative)

rototion of the two parts about some centre of
rotation;

3. This movement defines the deformations of the
individaal bolts which are tangential to this
centre of rotation; '

4. This deformation induces reactive bolt forces
which are also tangential to the centre of
rotation.

Note that the magnitude of the bolt forces is a
function of the assumptions made about bolt
behaviour.

These assumptions lead to three basic equations
of equilibrium, where the sums of the appropriate
components of the reactive bolt forces are equated
with the applied loading:

; Vi cos ¢; = P, 8.1)
; Vi sin ¢; = P, (8.2)
% Vi ri’ = x(.f + ex) + Py(_)7 + ey) (8.3)
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where n is the number of bolts in the group. No
solution can be achieved without some assumption
about the relative magnitude of Vi, that is, the
load/deformation relationship of the bolts.

8.2.2 Elastic analysis using superposition

The most common assumption is that of elastic
behaviour, where bolt forces are assumed to be
linearly proportional to bolt deformations. Because
of the preceding assumptions, they are also prop-
ortional to distance from the centre of rotation, 7.
It is possible to use this assumption to solve
equations (8.1)—(8.3) directly, and this is demons-
trated in the following section. However, it is more
convenient to use the principle of superposition,
which is applicable to any elastic analysis.

This principle (or, more precisely, its converse,
that of decomposition), may be used on the
kinematics of a bolt group, as shown in Figure 8.2.
The rigid body rotation 1y about the centre of
rotation is replaced by the displacement components
of the bolt group centroid. The two translations are
given by:

S, =Y X % (8.4)

o=y xy (8.5)
The rotation remains constant as 1.

It is now possible to consider the various actions
at the group centroid separately. Thus shear P, is
associated with displacement 3,, P, with 8, and the
moment at the centroid (P, e, + Py e,) with y. The
constant displacement d, imposed on all bolts
implies that the vertical shear per bolt V; is uniform
for all bolts and is given by:

V= (8.6)
Similarly, the horizontal shear per bolt V,; is given
by:

P
Vyi=— (8.7
n
X

Centroid of bolt group l

Y 7 @ G i Y

=<I

Rotation
L X ] e 4
T X x
Instantaneous centre of rotation

Figure 8.2 Kinematic superposition for elastic analysis

P l Bolt i
X

oxﬁ- Y

| P
Y—(O— Y
Centroid of
bolt group O O
o | o©
X

Figure 8.3 Elastic analysis of bolt group subject to torsion
and shear. (a) General notation; (b) vector force diagram
for bolt i

The moment is resisted by bolt shears V,; acting
tangentially to radii r;, as defined in Figure 8.3.
From the preceding assumptions, V,,; is proportion-
al to r; or:

Vmi =k 1 (88)

Hence
M=Pxex+Pyey=2Vmiri=2kri2

From which
P, + Pe
k= ‘Tu (8.9)
1
n

which may be substituted into equation (8.8) to give:

V. = (Pxex + Pyey).r;

zr
The total bolt force V; is the vector sum of Vy, Vi
and V;:
Vi = \/[(V,u + Vmi Cos Bi)z
+ (Vyi + Vmi sin 9i)2]
= -\/(inZ + Vyiz + Vmi2 + 2Vmi in Ccos Gi
+ 2Vmi Vyi sin 9,) (8.10)
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P2 P2 (P + P )r?

= Ty LU T TyRyI

orVi—\/[n’;+n2+ XZErZ)z) -
i

, 2Pu(Pee + Pe)x;
o37)

n

2P,(Pye, + Pyey)yi]
+
(3 )

(noting that r; cos 8; = x; and r; sin 6; = y;).
An alternative format which is easier to remem-
ber is:

(8.11)

Thus, noting that 2x; = 2y, = 0
n n

+ )

P + e) + Py + ¢,) = Kyn(#
+ Ky2 ri

Substituting from equations (8.14) and (8.15):
Pk + &) + Py + ¢,) = P& + Py + KpZ 1

Hence:

Pe, + P, = Ky rf? (8.16)

Eliminating Ky from equations (8.12) and (8.16):

P M 2 P M 2 V —_- M
Vi=\/{|:—x o [—!+—%i| } ' zt‘i2

n o I+ yY) n Z(xi + yi)

P, + Pe
A y = B PO e+ + 54 07

8.2.3 Elastic analysis without superposition Eﬂ‘.
Readers who find the .p.receding application of the  p,wever, from equations (8.14) and (8.16):
principle of superposition too tenuous for their 5
tastes may use the following derivation, which is nPy ; r

based on the direct application of the elastic
assumption of bolt behaviour to the basic equations
(8.1)-(8.3).

The reactive bolt shear V; is proportional to the
displacement of bolt i arising from the rigid body
rotation . Thus, with the notation of Figures 8.1
and 8.2:

V.
=— (8.12)
g
where K is the elastic bolt stiffness. From vertical
equilibrium:

V= Kr'y or

P, =2 V; cos @ (8.13)

but
X + x;

cos @; = ——
Substituting into equation (8.13) gives:

P, = 2K(& + x)¥ = Kynt + Klp;xi
However, Z,x; = 0, by definition. Thus:

P, = Kyni (8.14)
Similarly:

P, = Kyny (8.15)

Taking moments about the centre of rotation:
Pyx + e,) + Py()7 + ey) = EVi r = K\PE ri'z
n n

= KyS[(E + x)* + G + )]
= K‘P;[fz + 2% + x4 F + 29y + 57

*= (Peex + Pyey)
and from equations (8.15) and (8.16):
nPy 2 ri2
YT (Peex + Pyey)

= \/[P_2 LB, (Pt Pe)r?

n? n? (2 riz)z
+ 2P,(Pex + Pyey)x;
37
n
N 2P, (P, + Pyey)yi]

o)

This is the result obtained in the previous section.

8.2.4 Plastic analysis

The bolts may be considered to act as rigid/plastic
connectors. That is, up to a certain load (for
example, the slip load for HSFG bolts) they do not
deform significantly; at this they deform while
sustaining that load. In such circumstances a plastic
analysis may be used to determine the capacity of
the bolt group, setting V; equal to a constant value
vV

.Equations (8.1)~(8.3) can only be solved iterative-
ly if V; is made constant because of the form of the
trigonometric relationships, and this is far too
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tedious for design office use. Superposition cannot
be used for plastic analysis. A possible iterative
procedure, suitable for use on a microcomputer, is
outlined below.!

With initial values of Vi, £ and y, equations
(8.1)-(8.3) may be rewritten as shown below.
Sensible starting values might be those derived from
an elastic analysis.

ZVeceosg—-P =A (8.18)
ZVsing ~—P, =B (8.19)
ZVr-PE+e)—P(y+e)=C (8.20)
Variations in A, B and C are given by:
dA 0A A
0A = —.0V + —.8% + — .8y etc.
1% ox ay
This may be expressed in matrix form as:
.1 [24 8A oA [ ]
0A — — —| [oV
vV ax oy
aB dB 4B
Bl =|— — —| |ox (8.21)
aV ox ay
aC aC aC
&C —_— — — oy
L 4 LoV ax ay | | T ]

Note that all the partial derivatives dA/9V etc. can
be derived from the geometry of the bolt group and
equations (8.18)-(8.20). If equations (8.18)-8.20)
were linear, setting 84 = —A, 8B = —B and 8C =
—C would give, from equation (8.21), values of 8V,
Ox and Oy that lead to exact solutions to the original
equations. With non-linear equations the same
approach can be used as the basis of a rapidly
convergent iteration scheme. It is essentially a
three-dimensional Newton—-Raphson approach.

Another difficulty with plastic methods of analysis
is that, in their simplest form, equations (8.18)-
(8.20) cannot yield solutions for many combinations
of P,, Py, e, and e,. This can be demonstrated by
considering the reactive forces arising from different
positions of the centre of rotation in the simple,
two-bolt, connection shown in Figure 8.4(a). If the
centre of rotation is on the horizontal axis and
outside both bolts, either to the right or left as in
Figure 8.4(b), then both bolt forces are acting in the
same direction and the connection is resisting pure
shear. If the centre of rotation is between the bolts,
as in Figure 8.4(c), then the bolts are acting in
opposite directions and the connection is resisting
pure moment. Thus no solution is possible for any
vertical, eccentric load which subjects the connec-
tion to a combination of shear and moment.

The problem arises because of the unrealistic way
in which the reactive force in any one bolt maintains

Centre of rotation

S SR S

(b}

/ Centre of rotation
S W
(c) \

Figure 8.4 Simple plastic analysis of a two-bolt group

its full value but changes direction as the centre of
rotation passes through the bolt, centroid. One
solution to the problem? is to change to a modified
plastic analysis assuming that the bolt only attains its
full reactive shear if it is more than a certain distance
(Ro) (say, three times the bolt diameter) from the
centre of rotation. Bolts at a closer distance (R) to
the centre of rotation may be assigned an ‘elastic’
value. Hence V; = R;V/R, but not greater than V.

Another solution, only applicable to friction
connections, is to recognize that the frictional
resistance of any one bolt does not all develop at the
bolt centroid but is distributed throughout the
annular ring of bearing contact surrounding the bolt.
Thus, referring to Figure 8.5:

8V, = F,rdedr (8.22)

where F; is some uniform frictional ‘shear’ stress and
equals:

v

nr? = r)

Integrating over the annular ring of contact and
taking account of symmetry yields expressions for
the shear (V) and contribution to moment resist-
ance (V) for bolt i:

n (2 r(r; + r sin 0)d6.dr

Vs = 2F,

" sJ"l J"‘7‘/2'\/(']2‘*‘2’}" sm9+r2)
(8.23)

r (nf2
Vo = 2F, fr. f_m
X rV(r? + 2rr sin 0 + 77).d0.dr
(8.24)
Evaluation of these integrals may appear tedious,

but this method has been used successfully on a
microcomputer. !
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|Region of high
bearing pressure

Centre of rotation

Figure 8.5 Slip resistance of HSFG bolt close to centre of
rotation

By spreading the frictional resistance of a bolt
over this annular ring in this way the centre of
rotation may approach a bolt without introducing
any discontinuities into the solution.

8.2.5 Applicability of analytical methods

With groups of bearing bolts the actual (as opposed
to theoretical) distribution of shear between. the
bolts is largely influenced by the fit of the connec-
tion. Unless the components were clamped together
prior to drilling there will be significant mismatch
between the holes. Bolts will not start to carry any
load until they are bearing against both sets of plies,
irrespective of their position in relation to the
theoretical centre of rotation. The effect of this on
carrying capacity is discussed in Section 1.2. Be-
cause of the adverse effect of lack of fit on strength it
would seem prudent to use a conservative method of
analysis. Thus the elastic method is to be preferred
for such connections. It is reassuring to note that,
even in the presence of the uncertainties outlined
above, it has led to satisfactory connections when
used with conventional values for shear strength.
Friction connections are not subject to any such
uncertainty. The behaviour of a single-bolt connec-
tion is more accurately represented by a rigid-plastic
than by an elastic model. In most circumstances slip

can be considered as an unserviceability rather than
an ultimate condition because the connection will
have a considerable post-slip reserve. Because of
these factors it would seem reasonable to use plastic
methods of analysis for such bolt groups. Note,
however, that this is not permitted in some codes,
notably BS 5400: Part III; this is presumably
because the code drafters wished to retain the
greater conservatism of elastic analysis.

8.2.6 Imteraction diagrams

It is not feasible to present interaction curves for all
four variables Py, Py, e, and e,. Instead, the simpler
(and more widely occurring) case is considered
where the bolt group is subject to a shear which is
parallel to one of its principal axes. Two forms of
interaction curves are presented.

Figure 8.6 shows a non-dimensional plot of shear
against moment.® Before such a graph can be used
directly the position of the loading vector on the
interaction diagram must be determined from the
following empirical relationships. Using the nota-
tion of Figure 8.6, it has been shown that, for a wide
variety of bolt groups, if P, is capacity in pure shear,
the moment capacity (M) is generally equal to, or
greater than (Py X d)/3 for plastic analysis or (P %
d)/4 for elastic analysis. (The denominator will tend
to values of 4 and 6, respectively, for very long,
narrow bolt groups.) Thus the loading vector
direction in the interaction diagram:

tan™! (£ . %)
Py M

is given by:

P
tan™! (d/3 —)
M

for plastic analysis and
-1 P
tan™" | d/4d —
M

for elastic analysis, where P and M are any pair of
maximum coincident values of shear and moment,
respectively.

Since M/P is the eccentricity of loading, it is
possible to evaluate the relevant vector simply by
selecting a connection size. Thus a convenient
procedure for preliminary design is:

1. Estimate connection size and hence determine
the diagonal d;

2. Calculate the load vector direction;

3. Read off from the appropriate curve in Figure 8.6
the vatue of P/P,;
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Figure 8.6 Interaction curves for bolt groups subject to
torsion and shear

4. Design the connection for the determined value
of Py, checking that this is compatible with the
original assumption for the connection size.

This preliminary design may then be checked in the
conventional way, with every confidence that it will
prove to be satisfactory.

Figure 8.7 presents alternative forms of interac-
tion diagrams where non-dimensionalized shear is
plotted against eccentricity. The two extremes are
given, i.e. where a single line of bolts is alternatively
paralle! or normal to the line of action of the applied
shear. Intermediate bolt groups may be designed
initially using linear interaction between these
extremes, with acceptable accuracy. For example,
the nine-bolt group shown in Figure 8.8 has a shear
capacity (P,) of 9 V and an elastic moment capacity
(M,) of 3 V.D, where V is the shear capacity of a
single bolt and D is the bolt group diagonal.

Consider the situation where we are required to
find the maximum eccentricity at which a load of

50% of the concentric load can be sustained. Thus
P/P, = 0.5 and the limiting elastic values of /D for a
vertical and horizontal three-bolt line are 0.57 and
0.33, from Figures 8.7(i) and (ii), respectively. The
mean value (appropriate for a square bolt group) is
0.45. Rigorous elastic analysis of the bolt group
gives an eccentricity of 0.39D when P = 0.5P,.

Alternatively, consider the same bolt group for
the particular case where it is subject to a P/Py of
0.9. (This implies a plastic centre of rotation 2p from
its centroid, a value which may be determined
iteratively.) Figures 8.7(iii) and (iv) suggest values
of e/D of 0.19 and 0.06, respectively, with an
average of 0.125. Exact plastic analysis gives a value
of M/IM, = 0.35, which may be confirmed from
Figure 8.6. This corresponds to an /D of 0.15.

Thus in both cases, appropriate interpolation
gives reasonable values for initial design. Alterna-
tively, it would be easy to construct appropriate
diagrams corresponding to Figure 8.7 for different
bolt groups from Figure 8.6.
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Figure 8.7 Shear:eccentricity diagrams for vertical and
horizontal bolt groups
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Figure 8.8 Bolt group for interaction diagram example
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8.3 Bolt groups subject to loading
eccentric to the shear plane

As shown in Figure 8.9, the eccentricity of loading
induces a couple in the connection. In addition, the
connection has to resist the shear force. Connection
response to this form of load is very much a function
of detailed design, and it is no longer possible to
present definite methods of analysis.

Consideration of the compressive component of
the couple is most straightforward if there is a
well-defined ‘hard spot’ on the load path. This
would be the case in the examples shown if stiffeners
were provided to the column webs opposite the
lower bracket flanges. In such cases it seems logical
to assume that the compression acts at the
mid-depth of the hard spot.

Without a well-defined hard spot the problem is
less easy to resolve. In practice, the position of the
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Figure 8.9 Bolt and compressive force distributions for
end-plate connections. (a) Short end plate; (b) extended
end plate

neutral axis for the connection would be a function
of the stiffness of both tensile and compressive
regions. Deformation of the column flange and
end-plate flexure would have a significant influence
on behaviour, and it is unrealistic to attempt to
define these accurately. In addition, stress flow in
elements coming into the connection will also
influence force distributions within the connection.
Fortunately, the magnitude of the tensile forces in
the critical bolt is relatively insensitive to the
distribution of bearing stresses. Unless considera-
tion of the elements coming into the connection
suggests otherwise, it is generally acceptable to
assume a neutral axis position that is one-sixth of the
depth of the connection up from the bottom. This is
the value that has traditionally been used; its
deviation from one-half (which would be appropri-
ate for a symmetric bending action) is in recognition
of the greater stiffness of the compression portions
of the connection. A triangular distribution of
bearing stress was assumed, leading to a position of
the line of action. of the compressive force that is
d/18 up from the bottom. For connections of
conventional proportions this will give a line of
action that is close to the lower flange centroid that
was proposed for analysis in the presence of
stiffeners.

Where such connections are required to develop
moments greater than approximately 80% of the
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yield moment of the beam it will be found that any
of the procedures outlined above will lead to flange
forces that are greater than their design capacity. In
such circumstances, the ‘load path® methods, discus-
sed in Section 12.4.1, should be adopted, mobilizing
the bending capacity of the web directly.

The distribution of nominal bolt tensile forces is
generally assumed to be a linear function of distance
from the neutral axis. Where there is a defined hard
compressive point this distance can be replaced by
that from the line of action of the compressive force
with negligible loss of accuracy. Where extended
end plates are used research has indicated that the
top portion of the plate behaves as a Tee stub that is
symmetric about the tension flange. In such
circumstances the forces in the top two rows of bolts
may be assumed to be constant and to be based on
the distance from the top flange centroid to the
neutral axis or line of action of compressive force, as
appropriate.

Based on the assumptions outlined above, the
nominal tension in the ith bolt (7)) is given by:

where k is some elastic constant,
{; is distance from centre of rotation.

For moment equilibrium:

M=3TL; = kZLL,

where L; is the lever arm of the ith bolt. (Where the
compressive force is distributed over a depth d/6, L;
= I; + dlg; where the centre of rotation coincides
with the line of action of the compressive force, L; =
L)

Substituting for k in equation (8.25) gives:

oo ML
b DL

Note that this analysis only determines nominal bolt
tensions; appropriate allowance should subsequent-
ly be made for prying action.

There are different approaches to the distribution
of shear between the bolts. The more conservative
one is to assume that all bolts carry equal shear. On
this basis, the critical bolts are always those at the
top of the connection, and these must be checked
under combined shear and tension. The more
optimistic approach is to assume that all bolts can be
working at their design capacity under varying ratios
of tension and shear. On this basis the residual shear
capacities of all the bolts are determined, taking
account of coincident bolt tension. Adequacy in
shear is then checked by ensuring that the sum of
these residual shear capacities is greater than the
applied shear. As in the previous section, it seems
logical to consider the practicalities of fit before
selecting design procedure. Unless matched drilling

(8.26)
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can be ensured it seems unduly optimistic to assume
that the redistributions implied in the latter method
can safely take place in connections with bearing
bolts. Thus without matched drilling, the usual
situation for general fabrication, the more conserva-
tive assumption of an equal distribution of bolt
shears should be made. Only if matched drilling is
ensured, or HSFG bolts are used, should the latter
method of assessment of shear distribution be
adopted.

Where a bolt group is subject to a load with
eccentricities in and out of the shear plane the same
general methods of analysis apply. The bolt tension
forces are determined in accordance with the initial
part of this section. The bolt shears are determined
in accordance with Section 8.2; individual bolts are
checked under their combined loading.

8.4 Weld groups subject to shear,
moment and torsion

8.4.1 Traditional analysis

Figure 8.10 shows a weld group under a combination
of vertical shear, moment about a horizontal axis in
the plane of the weld group and torsion about a
horizontal axis normal to the weld group. Elastic
analysis is generally used for weld groups, generally
ignoring all deformations other than those of the
welds themselves. It is assumed that weld response
is linear and invariant with direction of the load
vector. (If deformation of the connected compo-
nents will significantly influence the distribution of
forces on the weld group then either some other
method of analysis must be used or welds loaded by
flexible elements must be regarded as ineffective.)
These assumptions lead to the following deriva-
tions for the three components of total loading
vector on any portion of the weld. The shear load
per unit length (F;) is constant throughout the weld
and is given by:
.
fas

weld

(8.27)

where ds is an element of the weld.
Taking moments about XX gives:

Pen = l:dpm ds

where F,, is the force vector per unit length resisting
the moment,
x is the distance from the XX axis.

However, F,, = k.x from elasticity.
Substituting in equation (8.28):

Pey =k |x* ds

Weld

Figure 8.10 Weld group under combined shear torsion and
moment. (a) Overall analysis; (b) vector summation

Eliminating k gives:

Pe, x

Fo,= (8.29)
f x* ds
weld
Taking moments about ZZ:
Pe,= [ Frds (8.30)
weld

where r is distance from weld centroid. However, F,
= k*.r from elasticity, where k* is another elastic
constant.

Substituting in equation (8.30):

Pe, = k* f P ds
Eliminating k* gives:
_ Pe,.r
| =
[ Pas
weld

(For convenience, note that Irzds = [xzds + f y2ds.
The latter is usually easier to evaluate.) The total
vector F at any point in the weld group is the vector
sum of F;, F,, and F,.

8.4.2 Approximate analysis

Elastic analysis is based on the assumption, inter
alia, that weld response does not vary with
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Figure 8.11 Approximate analysis of a weld group. (a)
Original system; (b) equivalent system

orientation of the load vector with respect to weld
axis. In reality, as discussed in Section 4.2 and
illustrated in Figure 4.5, weld response varies
considerably with load direction. For example,
welds are both stiffer and stronger in the end-fillet
condition than in the side-fillet one. For this reason,
a weld group will respond in a way that will
maximize end-fillet loading where the load vector is
normal to the longitudinal weld axis and will
minimize side-fillet loading. This can sometimes be
exploited to carry out an approximate analysis which
is less tedious than a rigorous one and probably
more accurate. An example is shown in Figure 8.11.

Before using such an approach a cautionary note
should be sounded. Such an analysis should lead to a
distribution of stresses very different to that which is
normally associated with a particular shape, where
subconsciously an engineer thinks in terms of the
distribution of stresses that are associated with
flexure. For example, in the three-sided weld that
looks like a channel in Figure 8.11, the ‘web’ does
not carry any ‘shear’. The horizontal portions of
weld carry all the vertical load because of their
greater stiffness.

8.4.3 Applicability of analytical methods

It should be clear from the above discussion of both
the conventional and approximate methods of
elastic analysis that they are only appropriate in
situations where deformation of the weld group is
the dominant flexibility in that part of the structure.
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Figure 8.12 Classification of analytical methods for welded
connections. (a) Weld deformation and conventional weld
group analysis; (b) force paths through the connection

In most situations where welds are used it is more
sensible to distribute the load to the welds in
accordance with the stress distributions in the
connected parts. Figure 8.12 shows examples where
weld group analysis is appropriate and contrasts it
with situations where weld forces are best deter-
mined from considerations of overall behaviour.

In any situations where real uncertainty about
analysis exists then minimum sized welds, in
accordance with those described on page 49, should
be used in order to ensure that the connection is
capable of ductile redistribution.

8.4.4 Interaction diagrams

It can readily be shown that the interaction
relationship for any weld group subject to shear P,
moment M and torsion T is generally given by:

B+ (2
o) (E) oo
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Figure 8.13 Examples of weld groups that do not conform
to a conventional interaction relationship. A — critical
points for moment about XX; B - critical points for torsion

where

P, is weld group shear capacity, acting alone,
M, is weld group moment capacity, acting alone,
Ty is weld group torsion capacity, acting alone,
@ is defined in Figure 8.10, and relates to the
point on the weld furthest from ‘the centroid’.

Note that this relationship is only valid if the same
point on the weld is critical under the different
modes of loading. This is generally the case, but
Figure 8.13 shows counter-examples where different
points are critical under moment and torsional
loading. In such circumstances the interaction
relationship given above will underestimate design
capacity under combined loading.

Unfortunately, this relationship is not very
suitable for graphical presentation in a form that is
suitable for direct design. It is always difficult to
present design charts for more than two variables
and the term in @ creates an added complication.
However, it is still worth presenting some general
diagrams in order to have a better understanding of
interactive design capacity. In addition, for direct
use in design it is feasible to present a few diagrams
of particular cases which commonly occur in
practice.

Figure 8.14 shows interaction diagrams for the
situations where one of the three force components
is absent. The influence of variations of @ on
strength can clearly be seen. Figure 8.15 presents
four sets of interaction diagrams for all three
components of loading and for varying values of ¢.
Examination of various weld groups shows that it is
not possible to derive sensible bounding rela-
tionships between Py, M, and T,, which would
enable loading vectors to be determined for these
diagrams in a similar way to bolted connections.
Without these, it is not possible to use these
diagrams for direct initial design. However, they will
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Figure 8.14 Interaction diagrams for weld groups. (a) P/P,
or T'Ty = 0; (b) M/My = 0

prove useful in checking weld group capacity and
they can be used iteratively for initial design.

Figure 8.16 shows interaction diagrams of P/P,
against non-dimensionalized eccentricity for the
limiting cases of no torsion and no moment. For the
reasons outlined above, it is not possible to plot
general design charts. In lieu, the response of a
range of common weld groups is presented. These
may be used directly for these particular geometries.
For other cases the charts may be used to give
realistic estimates of P/P, by interpolation, for use
in initial design.
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Figure 8.15 (cont.) (c) ¢ = 45°% (d) ¢ = 25°and 0°
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Figure 8.16 Interaction diagrams for weld groups. (a)
Shear/moment diagrams, with no torsion: (b) shear/torsion
diagrams, with no moment
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Commentary: 1/1

The example illustrates the design of a bolt group
with an inclined foad eccentric to the centroid of the
bolt group. The eccentricity should be kept to a
minimum. In this example if the inclined load had
passed through the centroid of the bolt group the
maximum bolt load would have been reduced by
47%. HSFG bolts have been used to provide a
stiffer connection.

Section 8.2.2 (8.11)

The maximum shear occurs on bolt ‘X’. The
calculation of the resultant shear is illustrated in the
vector diagram. AB is the resultant shear in the bolt
ignoring the eccentricity (i.e. 250/6). BC is the shear
component due to the eccentricity moment and is
perpendicular to the line from the centroid to bolt
X

Note: section references are in each case to sections in
the preceding chapter (e.g. Section 8.2.2 here refers
to pages 107-108 and (8.11) to equation 8.11 on page
107.
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Commentary: 1/2

BS 5950: Part 1. Clause 6.2.3 requires a minimum
end distance

1.40 X diameter of hole
1.40 x 24 = 33.6mm.

In this example the minimum edge distance (36 mm)
required to provide adequate bearing resistance
governs.

Before carrying out the design calculations an
initial rough check could be carried out to see if the
proposed bolt arrangement is likely to be suitable.
Although for the relatively small bolt group in the
example an initial rough check is probably unneces-
sary, for larger bolt groups it could well be
worthwhile.

Section 8.2.6

For a small bolt group the following procedure,
using the interaction diagrams of Figure 8.7, is
appropriate

€ 90

—=—=0.37
D 244
From Figure 8.7(a)(i) For three bolts in column
P/P, = 0.67
From Figure 8.7(b)(i) For two bolts in row
P/P() = 0.57

Adopt lesser value, P/P, = 0.57
) 250
Shear per bolt without moment = T = 41.67kN

Estimated shear per bolt with moment

= 4167 = 73.1kN
0.57

Add 10% to allow for effect of inclined load.
Estimated shear per bolt = 1.1 x 73.1 = 80.4kN
M22 HSFG general grade bolt would probably be
adequate; therefore go ahead with design.
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Commentary: 2/1

The example illustrates the design of a weld group
with an inclined load eccentric to its centroid. The
eccentricity should be kept to a minimum. In this
example if the inclined load had passed through the
centroid of the weld group the design loading on the
weld would have been reduced by 57%.

Ten millimetres are deducted from the horizontal
welds to allow for end craters. Normally, the leg
length of the fillet weld (in this case, 6 mm) is
deducted for each end crater. The weld size is not
known at this stage in the calculation; therefore, the
largest likely size of weld is assumed and a slightly
conservative calculation is obtained.

Section 8.4.1
[ras = [xds + [y

The terms E{xzds and j y*ds are the second moments
of area of the weld group about the YY and XX axes
for a weld of unit width (throat thickness).

The maximum shear on the weld occurs at point
‘X’, and the calculation of the resultant shear is
illustrated in the vector diagram. AB is the resultant
shear ignoring the eccentricity (i.e. 190/500). BC is
the shear component due to the eccentricity moment
and is perpendicular to the line from the centroid to
the point ‘X",

Capacity of fillet weld = 0.7 x (leg length) X p,,

Normally, the strength of a fillet weld is read
directly from a table of capacities.
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Commentary: 2/2

Before carrying out the design calculations an initial
rough check could be made to see if the proposed
weld group is likely to be suitable. For vertical
loads, interaction diagrams such as those in Figure
8.16 may be used.

In this example the load is inclined and the
reaction diagrams do not apply. Nevertheless a
rough check may be carried out as follows.

Section 8.4.4
Try weld group in sketch:
B = 200mm e = 90mm
3; = % =0.45
Length of horizontal weld = 150mm = 0.75 X B

Using Figure 8.16(b) and interpolating between
curves for horizontal weld lengths of B/2 and B:

e P
for — =045 — =0.46
B ()

Shear per unit length of weld without moment

_ 0 = 0.38kN/
=500 - % mm

Estimated shear with moment
0.38 0.83 kN/
=—=0. 'mm
0.46

Add 10% to allow for effect of inclined load.

Estimated shear on weld = 1.1 x 0.83 =
0.91 kN/mm

A 6mm fillet weld would probably be adequate;
therefore go ahead with design.



fatigue is a consideration in design, either in shear or
in tension, it is essential that these fasteners are
avoided. With fluctuating shear loads HSFG bolts
should be used in frictional joints to minimize
fretting between the plies. With fluctuating tensile
forces the bolts must be adequately torqued to
reduce stress fluctuations, as discussed in Section
6.3.3. A common way of achieving this condition
without special provision is to specify HSFG bolts.

In the above discussion the primary comparison
has been between general grade HSFG bolts and 8.8
dowel bolts. The reason for limiting the discussion in
this way is that these are the most popular strength
grade for both classes of connector. Mild steel bolts
(4.6) used to be very popular; however, their price
per kN of capacity in both shear and tension is
significantly less than that of 8.8 bolts and their use
is now limited to situations where loads per bolt are
necessarily low — for example, stitching bolts at
maximum pitch. Higher grades of both classes of
connector are not common, and their specification is
likely to cause difficulties of supply, sometimes with
severe economic consequences.

9.3 Access for fabricatior and
assembly

Ready access during fabrication and erection is
clearly essential for maximum economy. It is
important to differentiate between ready access, i.e.
a situation where the operatives may work without
hindrance, and minimum access, where it is possible
for them to carry out their task but only with
difficulty and at increased cost.

Figure 3.14 summarizes the requirements for
ready access for bolted connections. Dowel bolts are
most conveniently tightened by podger spanner and
their use governs the minimum clearance from
upstands. Lesser dimensions may be used but will
lead to a requirement for more compact and less
convenient spanners. Torqued bolts are usually
tightened by torque wrench and the same figure
gives the spatial requirements for the direct
application of this tool to one side of the fastener.
Where necessary, angled drives may be employed,
although these can create considerable difficulty for
calibration when used with torque control. Manual
torque wrenches can also be used but while they
require a considerably smaller distance along the
bolt axis, they need a considerable lateral sweep for
the handle.

Figure 9.5 shows the ready access requirements
for manual welding. The figures quoted are for
manual metal arc welding and are governed by the
electrode length. Semi-automatic torches will re-
quire less space. In addition, space should be
provided for the welders, so that they may visually
monitor the weld pool; most protective masks are
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{c)

Figure 9.5 Access requirements for manual welding. (a)
Fillet weld; (b) corner butt weld; (c) planar butt weld

bulky. It is more difficult to specify minimum access
requirements; welders can show remarkable versa-
tility in awkward circumstances. Mirrors can be used
to overcome problems of visibility and bent or short
electrodes those of space. However, in such
circumstances productivity will suffer severely and
quality may well be suspect.

It is important to consider the needs of the
inspector when detailing a welded joint. Require-
ments will vary with the type of inspection. Visual
inspection, dye penetrants and magnetic particle
inspection require little more than visibility, but
subsurface techniques are more difficult to
accommodate. X-ray inspection generally requires
access to one side of the weld for the radiation
source and access to the other for the film. Shielded
radiation sources for site use are bulky and awkward
to handle. Their use in purpose-made inspection
chambers is only acceptable for small components.
Ultrasonic testing is more acceptable for site use but
may still present severe practical difficulties. The
probes are small and easily manipulated, but there
may be difficulties (sometimes insurmountable) in
finding a pulse path that can be monitored. In
extreme circumstances this can lead to a complete
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Figure 9.6 Influence of inspection requirements on weld
layout. (a) Subsurface inspection difficult; (b) full weld
inspection possible

redesign of the joint. Figure 9.6 shows examples of
joints where inspection requirements were impor-
tant factors in determining weld layout.

The possibility of repairs should also be consi-
dered when considering weld layout. Chipping out is
expensive and only possible if direct thrust can be
applied to the chipping hammer. Grinding out also
requires considerable space. Arc air gouging re-
quires considerably less room but may only safely be
used where there is free passage for the air that
removes the remelted metal. For example, cope
holes must be provided at internal corners. Failure
to do so would lead to metal with very high carbon
content (from the arc electrode) being redeposited,
resulting in severe embrittlement.

9.4 Weld preparations

Weld preparation is not generally required for fillet
welds. It is only in special circumstances of the kind
shown in Figure 9.7 that the need to ensure side-wall
fusion requires the modest weld preparation shown.

Weld preparations for manual butt welds must
satisfy the following criteria. They must:

. Be cheap to prepare;

. Minimize weld volume;

. Provide a suitable root face for the root run;
Provide proper access for the root run;

Ensure that side-wall and interpass fusion can be
achieved during filler runs;

Permit cleaning between runs.

o

T
-

Figure 9.7 Welding detail for reinforcing plate on column
web or vertical leg of wide seating angle

Guidance on choice of weld preparation to satisfy
these criteria is given in BS 5135. Figure 2.5 shows
examples of its recommendations.

Weld preparations for automatic butt welds may
differ considerably from those for manual welding.
The greater currents used achieve greater penetra-
tion; in many circumstances this can be used to
reduce deposited weld volume. Narrow gap tech-
niques are increasing in popularity because of the
savings in deposited weld volume.

9.5 Holing
9.5.1 Methods of hole making

Holes may be punched or drilled; the former is
cheaper but may not be an acceptable method of
manufacture in many circumstances.® The punching
operation is shown schematically in Figure 9.8. The
punch is driven against the plate which is held
against the die, forcing a plug of steel out through
the latter. For a good-quality hole to be produced

Punch

) 1in 2071 ]‘ | }

] |

i

(b)

Figure 9.8 (a) Schematic diagram of hole punching; (b)
cross-section through punched hole



the punch and die must be concentric and free from
edge distortions. There must be a clearance (usually
5% of the plate thickness on radius) between the
punch and die. If the clearance is too large the hole
formed will be too great a deviation from the ideal
cylinder. If it is too small there will be too much
tearing of the material. If either the punch or die is
worn or blunt the material will be distorted from the
flat. There is always likely to be a small burr on the
die side of the hole, and this should be removed to
ensure that neighbouring plates can achieve proper
mating.

In practice, it is not difficult to achieve a properly
punched hole provided that due attention is paid to
the points indicated above. However, the surface of
the hole will still differ from that of a drilled hole,
and it is this difference which limits the application
of punching. The shearing action of the punch
produces severe straining close to the surface of the
hole. This cold working leads to embrittlement of
the material within approximately 1mm of the
surface of the hole and leaves a jagged surface. This
embrittled material is very likely to fracture at low
tensile strain. For safety, these cracks have to arrest
in the surrounding, ductile, material. Current
restrictions on the use of punching are designed to
ensure that the deformation capacity of the punched
material is not less than approximately 2mm when
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subject to tensile strains. While this is considerably
less than that of plate with drilled holes it is
comparable with the deformation capacity of a
high-strength bolt in shear, and is judged to be
appropriate for general design for static strength.

Drilled holes are much less sensitive to variations
in workmanship, and the most common problem is
that of mispositioning. This can occur even with
proper setting out if the drill is incorrectly sharpened
so that its tip does not lie on its longitudinal axis.
Pilot holes will overcome the problem if extraordin-
ary accuracy of hole positioning is required.

9.5.2 Oversize and slotted holes

Holes are normally specified with 2mm or 3mm
clearance on bolt diameter. The former figure is
used for bolts up to 24 mm in diameter, the latter for
larger sizes. Such holes should be able to accommo-
date conventional tolerances of element size and
hole position.

If greater provision for adjustment is required
then oversize, short- or long-slotted holes may be
specified for the inner plies of a connection, as listed
in Table 3.10. These holes may only be used with
HSFG bolts in friction connections unless there is
some special requirement for movement. The
simplest holes to form are oversize, circular ones.

Table 9.2 Standard backmarks, cross-centres and transverse pitches for rolled

sections
Section Flange width Backmark (S) Transverse Maximum
or leg length or cross-centre (C) pitch (P)  diameter
of bolt
Channel 102 55 24
S 89 55 20
] 76 45 20
64 35 16
51 30 10
Angle 200 (2 bolts) 75 75 30
200 (3 bolts) 55 55 20
150 55 55 20
125, 120 45 50 20, 16
100 55 - 24
P 20 50 ~ 24
S 80, 75 45 20
70 40 20
65, 60 35 20, 16
50 28 12
Columns, 424 — 362 (2 or 4 bolts)140 75 24
beams and 322 — 300 (2 bolts) 140 - 24
Tees 322 — 312 (4 bolts) 120 60 24
P C P 322 — 300 (4 bolts) 120 60 20
e 294 — 203 (2 bolts) 140 - 24
193 — 162 (2 bolts) 90 - 24
162 — 150 (2 bolts) 9 - 20
146 — 130 (2 bolts) 70 - 20
127 — 98 (2 bolts) 54 - 12
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These will provide freedom of movement in any
direction; unfortunately, it is often the case that
movement is only required in one direction, and
some extra restraint may be necessary during bolt
tightening to limit movement in other directions. In
such circumstances slotted holes would be more
useful during erection but are more expensive to
form.

9.5.3 Hole positions

Table 9.2 summarizes the standard gauge lines or
backmarks for hole positions for roiled sections.

9.6 Plate and section edge and end
preparations

Steelwork edges may be prepared by the following
processes.

Cropping of flats and angles and guillotining of
plates. These are the fastest and therefore the
cheapest methods of end preparation. The resulting
surface is rough and not suitable for any bearing
contact; in addition, there is likely to be some minor
out-of-plane distortion close to the cut edge. The
sheared edge is likely to be embrittled and should
not be left in any situation where fatigue is a design
consideration. The maximum that can be sheared is
generally approximately 20mm; the maximum
thickness that can be guillotined is of the order of
12mm.

Cold sawing of sections. A milling saw may be
used to cut sections to length. If such a saw is
properly sharpened and adjusted it should leave a
flat, plane surface that may be used to transmit
compression by bearing.

Flame cutting. This is used for cutting sections to
length and plates to shape. Hand cutting is usually
used for sections and one-off plate cutting. Automa-
tic equipment is usually used for repetitive plate
cutting; profile cutters enable complex shapes to be
copied accurately, and multiple-head machines can
complete a butt weld preparation at the same time
as the plate is cut. The flame cut edge is jagged,
particularly if hand cut, and may well be embrittled.
Grinding may be used to dress the edge if required
for cosmetic reasons. The cut edge will be too rough
to permit any compressive load transfer by bearing,
s0 any welds should be designed for total loads.
Where the edge is not to be welded and fatigue or
brittle fracture are major design considerations the
hardened edge zone should be removed by machin-
ing to a depth of 3mm.

Milling of cut edges of plates may be used either
for the reasons given above or to cut a weld
preparation.

Milling or ‘ending’ of cut section ends may be used
to provide a true surface for bearing and/or to
control section length accurately.

9.7 General guidance on economic
fabrication

The most important general point to make is that
every effort should be made to standardize connec-
tions and achieve repetition of details within a
particular structure. Many connections require some
particular skill for their economic completion, and
they have their own learning curve. The first
connection of a series may well take three times as

Don‘t Do

Don‘t Do

Figure 9.9 Examples of economic detailing to minimize
fabrication
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Figure 9.10 Costs comparisons for eaves connection in
portal frames. (a) Welded knee joint detail where
stiffeners are not required (cost ratio 1.0 (base)); (b)
welded knee joint detail with division plate - square butt
weld (cost ratio 1.1); () bolted knee joint (cost ratio 1.8);
(d) diagonal bolted knee joint (cost ratio 1.3 but more
difficult to ercct); (¢) typical knee joint with haunch
stiffener (cost ratio 1.5)

long to fabricate as the tenth, and further savings
will have been achieved by the fiftieth.

Second, every effort should be made to reduce
labour content to a minimum.>® Figure 9.9 illus-
trates how this may be achieved in many commonly
occurring situations. Precise cutting to length and
angled cuts should be avoided. Wherever possible,
holes should be on standard gauge lines (see Section
9.5.3) and of constant diameter. This is particularly
important where automatic drill or punch lines are
used. Plated fabrications should be arranged so that
small fillet welds can be used as frequently as
possible (see Section 9.2.3). Doubly fitted stiffeners
should be avoided unless really necessary. Thicker,
unstiffened plates will often be more economic than
thinner, stiffened elements.

The influence of such considerations on fabrica-
tion costs is illustrated in Figure 9.10, where various
approaches to common connections have been
compared economically. The precise ratios -will
obviously vary from one shop to another, but the
general message is very clear.

A further understanding of the cost implications
of fabrication can be gained by studying Table 9.3,
which presents general guidance on typical times for
the common operations.
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{b)

=t Cut UB haunch
s stiffener

{e)

9.8 General guidance on economic
erection

There are several basic, commonsense principles
which must be applied for economy of erection:

1. Erection bolts must generally be provided. These
must be capable of being inserted quickly and of
supporting the element safely. ‘Hook’ time is
frequently the greatest single contributor to total
erection cost.

2. Where possible, clearance should be provided to
ensure easy positioning.

3. Where sufficient clearance cannot be provided,
the connection arrangement must be such that
the steel elements being connected may be eased,
levered, podgered or drifted into position. As a
counter-example, Figure 9.11 shows a situation
that will cause considerable difficulty in erection
if the columns cannot be ‘sprung’ apart. The cap
plates will prevent the beam being lowered into
place in a horizontal position; its diagonal
dimension is too long for it to be ‘angled’ into
position.

4. The connection must be able to cope with rolling
tolerances and other lack of fit. Figure 9.12
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Table 9.3 Examples of typical labour times for common fabrication activities

Operation Time (min) Limitations
Cutting and edge preparation —
Sawing: square cut A20 + 4
oblique cut A/10 + 8 —
Cropping: square cut 0.5-1.0 AP 15
oblique cut 1.0-2.0 AR 15
Shearing 3.5 per metre 1320

Hand burning
Automatic burning (squarc cut)

Chipping: square

30° bevel

45° bevel

J prep.

square or bevel

J prep.

Automatic flame cut edge preparation

Planing:

Holing

Radial drilling
Punching

Mark out and assembly

Bolted connections

Mark set and tack cleat

Mark set and tack base or end
plate (depends on size)

Fit stiffener for rolled section

Welding: hand

Fillet welding: Horizontal/vertical
vertical

Butt welding:  flat
vertical

Welding: automatic submerged arc

Setting-up time
Run-on and run-off plate
Preheating — add 10% to welding times
where Zr > 35mm
Fillet welds: 5-13mm
14-19mm
Butt weld

0.51 per metre
0.2¢/H per metre —

t per metre —
0.12  per metre —
0.15 per metre —
0.5t per metre —

1.5 + 0.1¢ per metre —
3+ 0.2t per metre —

4 + 0.25t per metre —

1.54 + 0.00005¢ x D* —
0.1

4 min per bolt —
12 min —
15-60 min —

45 min —

17 min per metre per pass—
34 min per metre per pass—
0.22-0.4 £ min per metre —
0.4 0.8 7 min per etre —

70 min per second —
90 min per second —

10 min per metre —
20 min per metre —
0.15¢ per metre —

A: Cross-sectional area (cm?).

¢.  Thickness (mm).

D: Hole diameter (mm).

H: Number of heads for multiple-cutting machines.
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gure 9.11 Beam framing into minor axis of columns that

will create difficulties in erection

shows counter-examples. In both cases provision
for erection clearance with suitable packs would
alleviate the problems but not eliminate them
entirely, since angular lack of fit would still
create difficulties.

. It must be possible to manoeuvre the element

into position without undue difficulty. Deep end
plates can cause particular problems in some
circumstances.

. Access for bolting and/or site welding should be

provided
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Beam and column splices

10.1 Introduction
10.1.1 Location

Wherever possible, splices should be located away
from critical sections. Of course, axial loads in
columns do not vary significantly within a particular
storey. However, in both beams and columns it is
usually possible to find a splice location where the
moment is significantly less than maximum. In
beams it is also possible to find a position where the
shear force is well below the section capacity. For
any given section, connection cost is not a linear
function of percentage of section capacity. The
greatest rate of increase in connection cost occurs as
the connection design strength approaches the
section capacity. Thus moving a splice to a position
where its design values for axial and shear forces and
bending moments are even 20% less than the
element capacity can lead to significant economies.

If the member being spliced is subject to
instability (and this is almost always the case with
columns and frequently so with beams) the splice
should be located near a point of effective restraint,
if possible. If this cannot be achieved then special
consideration has to be given to the splice design, as
discussed below.

10.1.2 Continuity requirements in the
presence of instability

If, in a member that is subject to instability, a splice
has to be located away from a point of lateral
restraint special consideration must be given to the
design of that splice. The design method for the
member concerned will be based on the assumption
that there is continuity of stiffness along the length
of the member, and clearly that must be maintained
effectively through the connection.
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It is more difficult to define cortinuity of strength
requiremerits effectively. Figure 10.1 shows schema-
tically some bending moment distributions for
typical columns and beam/columns. Similar phe-
nomena would be observed in the distribution of
weak axis, secondary, moments along a beam bent
about its major axis. It is not always easy to define

|

Mmax
Meax ™|
(a)
Oye Oye Oyc
Stocky Intermediate Slender
(b}

Figure 10.1 (a) Column bending monient distributions at
failure; (b) stress distributions at critical cross-sections at
failure




either the position of the critical cross-section or the
distribution of moments away from that cross-
section. In addition, the magnitudes of these
moments are difficult to determine at the failure
load of the element. In a slender beam or column
they would probably be the dominant loading on the
critical cross-section, but as the member becomes
more stocky they would become less significant. In
the limit, with a stocky, axially loaded column the
entire critical section will remain in compression up
to the point of failure, and failure would be
governed by compressive yielding of the relevant
extreme fibres. It is difficult to give precise design
guidance in these circumstances. Splices in slender
elements away from points of restraint should
clearly be able to develop substantial weak axis
bending strength; for simplicity, design could be
based on the section weak axis capacity. The
strength of the stocky, axially loaded column
discussed above would not be impaired if there was
only a nominal weak axis bending capacity in a
splice located at the mid-height. However, since
axially loaded conditions are difficult to achieve in
practice some nominal percentage of the weak axis
bending capacity (say, 30%) should be used as a
basis for design. Any lesser percentage than this
would be unlikely to give continuity of EI, of the
section. In the context of splice plate connections,
this later requirement leads to full-width splice
plates and not less than two rows of bolts in each
half of the connection; using Grade 8.8 bolts such a
connection would achieve 30% of minor axis
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Figure 10.2 (a) Analysis of beam splice; (b) diffusion of
moment into flange splice at highly loaded connection; (c)
tension field action in slender web panel
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bending strength. Sections of intermediate slender-
ness should be designed for an appropriate percen-
tage between 30% and 100%.

Even if the splice is located close to a point of
restraint, the designer must ensure that any local
weakness or discontinuity will not invalidate the
design assumptions. Clearly, any splice near the
base of a cantilever must achieve full continuity and
satisfactory strength. Even in a column, if, for
example, the design is based on an effective length
of 0.7/ (implying full continuity at the ends), any
connection near the ends of such a column must
have adequate strength in order not to invalidate the
member design assumptions.

10.1.3 Analysis and load partition

In many situations it is permissible to simplify the
force paths through the splice, thus reducing design
time and, in many cases, achieving a more
economical connection. If a rolled section beam
splice is located away from a point of maximum
moment it is common practice to assume that the
flange splices crrry ail the moment and the web
splice the shear, i.e. F = M/d and M,,.;, = 0 in Figure
10.2. Because the splice moment is less than the
section capacity there is unlikely to be any overstress
in the section.

If the splice is fully loaded, resisting M, at
sections XX and YY in Figure 10.2(b), it is still
possible to make the same simplifying assumptions
by treating the beam as if it were a partially

Local plastic hinges
in flanges

Band of materia! at yield
in tension

E————"X} ocal plastic hinges
in flanges

(c)
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connected member in accordance with Table 7.4. If
the beam were axially loaded the most conservative
dispersion angle would be used, as is appropriate in
the presence of a free boundary, i.e. at the web.
However, in bending no more than half the web
force needs to be transferred to the flange, because
of the greater lever arm of the latter. In these
circumstances a dispersion angle (0) of 45° should be
satisfactory. The critical section is at the first line of
bolts (X~X) and must be checked using the effective
area of the flanges. Note that this design approach
can lead to a large minimum length requirement for
the flange splice, and this may reduce its economy.

Of course, it is quite acceptable to partition the
total moment between the flanges and the web in
accordance with the stress distribution in the beam
away from the splice, i.e. My, # 0and F = (M —
M) + d. In this case the web splice has to be
designed to resist this moment (M,,,) in addition to
the moment arising from the local eccentricity (e)
between the centroids of the two bolt groups. This
eccentricity moment Q.e is divided equally between
the two bolt groups. When the two moments are
summed algebraically it is found that on one side
they counteract each other, and the net web splice
moment is M., — Q.¢/>. On the other half of the
splice they accumulate to give a total web splice
moment of M,., + Q.e/;. This governs the web
splice design which becomes equivalent to design
under a shear Q at an eccentricity of:

M,
( o " e’z)

The simplified partition of resisting all the
moment on the flange splices should not be used for
plate girders with slender webs (i.e. those requiring
stiffening). Such webs partly resist shear by the
tension field shown in Figure 10.2(c). A more robust
web splice is required to resist the local tension
forces, and this may be achieved by designing the
web for both shear and its portion of the moment.
Some traditional design authorities recommend that
a double row of bolts be used on each side of such
web splices, and this would seem to be appropriate
for more slender webs where tension field action is
predominant.

10.2 Types of beam splice
10.2.1 Butt-welded connections

The simplest form of beam splice is one where all
three elements are connected by full-strength butt
welds. No special provisions are necessary in design.
Unfortunately, this is one of the most expensive
forms of connection; its use will almost certainly be
limited to situations where aesthetics require un-
obtrusive connections.

X X

Figure 10.3 Butt-welded beam splice

Certain practical matters have to be considered:

1. Proper provision must be made for temporary
support and location during welding. The stag-
gered connection shown in Figure 10.3 is helpful
in this respect though somewhat more expensive
to prepare. Alignment will be helped if the
flange/web welds of the sections to be joined are
omitted for a short distance X on either side of
the connection prior to assembly. It is essential
that they are completed after the main welding
has been carried out. Failure to do so would
remove locally the interactive support between
flanges and web, which is essential for their
stability.

2. Cope holes should be used to improve the
welding conditions for the flanges. No attempt
should be made to fill them.

3. It is important to minimize the distortional
effects of transverse weld shrinkage. One
approach is to complete the flange welds before
carrying out the web welds. If the order is
reversed, the transverse weld shrinkage of the
flange welds will cause severe buckling of the
already welded web because of the slenderness of
the latter. Alternatively, individuatl runs of weld
on the three elements may be carried out in
sequence, starting with the flanges. This has the
effect of balancing the shrinkages between the
elements.

10.2.2 Bolted splice plate connection

Figure 10.4 illustrates a typical bolted beam splice.
In almost all circumstances the deformations associ-
ated with slip into bearing with this type of
connection would be unacceptable, so HSFG bolts
should be used. Details of the analysis of this type of
connection have been discussed in Section 10.1.3.



A designer has a choice of single- or double-splice
plates. Major connections, and any that are required
to develop full section strength, should have
double-splice plates to all elements. For most
connections double-splice plates are, in any case,
likely to lead to greater economy because of the
reduction in the number of bolts. Single-splice plates
may, however, be used for the lighter rolled sections
(for example, with flange widths less than 200 mm).

Several practical matters merit special considera-
tion:

1. Matching between the two halves of the connec-
tion. Either because of rolling tolerances, or
because of differences in fabricated shape,
problems can arise because of differences in size
between the beams being spliced, as illustrated in
Figure 10.4(b). In extreme circumstances where
HSFG bolts are being used this can seriously
reduce the efficiency of the line of bolts nearest
the centreline of the connection. The problem
can be alleviated by ensuring that the distance
between bolt-lines X is the maximum allowable.
Alternatively, the first line of bolts may be
ignored when calculating the slip resistance of the
connection.

2. Although it is possible to use faced beams and
rely on bearing to transmit some of the compress-
ive flange forces, this is not recommended in
practice because of the difficulty of achieving
adequate bearing contact.

P S I

(b)

Figure 10.4 Bolted beam splice. (a) General arrangement;
(b) detail at flange junction, showing effect of mismatched
sections
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3. Where the splice coincides with a change in
flange or web thickness (either in a plate girder
or by changing rolling weight within a serial size
in a rolled beam) shims or packs may be used.
However, it is essential that these comply with
the general requirements for faying surfaces.

10.2.3 Welded splice plate connection

It is possible to use splice plates for welded
connections in minor beams and thus overcome the
very costly requirements of good fit that are
necessary for butt-welded connections, as shown in
Figure 10.5(a). However, it is not easy to use
double-splice plates for this type of connection, and
this limits the scale of beam for which this is
applicable. By attaching top and bottom splice
plates to alternate halves of the connection in the
fabrication shop it is possible to make the connec-
tion self-supporting during erection.

10.2.4 Part-welded/part-bolted splices

As shown in Figure 10.5(b), it is possible to use
hybrid or composite connections with splice plates
where these plates are attached to one half of the
splice by welding in the fabrication shop; the site
connections are completed by bolting. This reduces
the number of bolts to a minimum and eliminates
site welding. HSFG bolts should be used for this
type of connection to provide aaequate stiffness at
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Figure 10.5 Light beam splices. (a) All welded; (b) bolted
and welded
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working load. Once again, it is only practicable to
use single-splice plates, and this limits the scale of
application. The provision for adjustment is halved
when compared with a fully bolted connection, but
this should not create difficulties provided that
reasonable fabrication standards are maintained.
This connection is not popular; costs are increased
because all elements require both welding and
drilling in the fabrication shop. In addition, the
welded splice plates are prone to damage during
transportation.

10.2.5 End-plate splices

Figure 10.6 shows the three forms of end-plate
connection for beam splices. Short end-plate con-
nections can be used when the beam is subject only
to modest moments. Singly extended end plates can
be used when high moments of one sign only have to
be resisted and doubly extended end plates for high
moments subject to full reversal.

This form of connection is becoming increasingly
popular. By putting the bolts in tension it produces a
bolted connection with high stiffness without the
costs of HSFG bolting and frictional surfaces.
However, it has less inherent robustness than the
traditional splice plate connection and it is essential
that proper attention be paid to the tensile flange

as shown to avoid
corrosion or tacking
| bolts

(c)

Figure 10.6 End-plate beam splices. (a) Short end plates;
(b) singly extended end plates; (c) doubly extended end
plates
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connection if the design is to be satisfactory and to
ensuring that lamellar tearing does not occur in the
end plate. (The reader’s attention is drawn to the
discussion of this problem in Section 2.7.8.) In
making the necessary subjective judgements about
precautions against lamellar tearing designers must
assess both the likelihood and consequence of this
defect occurring. They can probably afford to be
sanguine about an end-plate splice under modest
moment where the end plate is less than 25 mm thick
and the structure has sufficient redundancy for a
tear not to lead to a major collapse. However,
proper precautions should be taken under high
moment, with an end-plate thickness greater than
25mm and hence greater susceptibility to tearing,
and in an isostatic or near-isostatic situation, where
a tear could cause a major failure.

The tension flange connection may either be
analysed as a Tee stub or the nominal bolt forces
may be determined by assuming a centre of rotation
for the whole connection at the centroid of the
compression flanges. Whichever method is used, it
is important to take prying action into account in
evaluating the actual bolt forces.

It is also possible to modify some of the
specialized methods of analysis for end plate
beam-to-column connections for such splices.
However, note that such methods are based on yield
line analysis of the end plates. These imply that
significant plastic deformation will have developed
within the connection when the design strength is
attained. The implications of this rotation on the
overall structure should be considered before such
methods are used in practice.

Three practical points merit special mention for
end-plate splices:

1. Even if the connection is not subject to moment
reversal, a pair of bolts should be placed close to
the compression flange, to ensure that the
compressive bearing surfaces are pulled into
close contact; without them the joint may be very
‘springy’.

2. Reasonable care should be given to the flatness
of the end plate which will tend to distort in the
presence of so much welding on one face. As a
minimum, it should be clamped to a strong back
during welding. Equally, inspectors should not
insist on an unduly high standard of fit,
particularly for connections where corrosion is
unlikely to occur. Provided that contact is
achieved in the vicinity of both flanges, small
gaps near the mid-length of the end plate should
be tolerated.

3. Such connections have no allowance for length
corrections. Beams should therefore be fabri-
cated to +0,—5mm tolerances and provision
made for packs in long beams where several
connections are in line.




{b)
Figure 10.7 End-plate beam connections between clements

of different serial size. (a) Coplanarity of compression
flange; (b) coplanarity of tension flange

Most end-plate connections are between beams of
the same overall size. Note that they can accommo-
date changes in rolling weight without difficulty. If a
change in size occurs at an end-plate splice, it is
usually possible to accommodate this by introducing
longitudinal stiffeners to the larger beam, as shown
in Figure 10.7.

10.3 Column splices

Generally, the same forms of connection may be
used for column splices as for beam splices. Design
conditions are less onerous because the high tensile
forces that caused the greatest difficulty with beam
splices are usually absent.

10.3.1 Butt-welded splices

Figure 10.8 shows the various types of butt welded
splice. Full-penetration welds (a) can be used but it
is usually cheaper to face the column ends for
bearing and use partial penetration welds (b). If the
ends are faced, much of the load may be transferred
by direct bearing. If the column sections are
concentric, changes in rolling weight may be
accommodated in a straightforward way (c). If one
face has to be maintained flush (d) or there is a
change in serial size (e) a division plate will
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generally be required. In the latter case stiffeners
may be necessary for the larger section.

The lifting provisions should be noted; in the
absence of a division plate, the lifting lugs can be
used conveniently to locate the upper column.

10.3.2 Bolted splice plate connection

Figure 10.9 shows traditional column splices with
splice plates. These are still the most common form
of column splice, and they are particularly economic
if automatic saw and punch or drill lines are used in
the fabrication shop. Generally, the column will be
faced (by the milling saw) and the compressive load
is transmitted by bearing. Provided that neither
flange goes into net tension and that continuity is
not required as in Section 10.1.2, it is then possible
to use nominal bolted connections to maintain
alignment of the column elements; these may be
made with bearing bolts. If one of the flanges is
subject to significant tension, the column ends are
not faced for bearing, or full continuity is required,
then HSFG bolts would have to be used. These
should be avoided where possible for economy.
Changes in rolling weight can generally be
accommodated with this type of connection by using
packs (Figure 10.9(b)). Where these are used with
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Figure 10.8 Butt-welded column splices. (a) and (b) Same
serial size; (c) and (d) different rolling weight, same serial
size; (e) different serial size
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Figure 10.9 Bolted, splice plate column splices. (a) Similar
columns; (b) different rolling weights, same serial size; (c)
different serial size

HSFG bolts it is essential that their surfaces comply
with the general requirements for faying surfaces.
Changes in serial size require the additional use of
division plates (Figure 10.9(c)), and this leads to
very cumbersome connections.

10.3.3 Welded splice plate connection

It is possible, although relatively unusual, to use
welded splice plates for column splices. If they are
used, they should be in conjunction with column
ends which have been faced for bearing.
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Figure 10.10 Column splices using end plates. (a) Similar
sections, low moment; (b) similar sections, high moment;
(c) different serial sizes, high moment

10.3.4 End-plate connections

It is possible to achieve very neat column splices
using short end plates, as shown in Figure 10.10(a),
if the column is subjected only to low moments and
the splice is near a point of lateral restraint. If
significant moment capacity is required, extended
end plates (Figure 10.10(b)) must be used and the
connection becomes much larger. However, in
practice it is often possible to locate this connection
within the floor slab, in which case it should not
cause difficulty with architectural detailing. In
design these connections can be treated in a similar
way to end-plate beam splices. They may readily be
used with changes in serial size with appropriate
stiffening, as can be seen in Figure 10.10(c).
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Commentary: 1/1
Load paths

N\

Forces in tension and compression are shown as load

- paths. In the web splice, the forces applied by the
splice plates to the bolts (and beam web) are shown.
The moment is carried by compression (and tension)
in the beam flanges; shear in the flange bolts and
compression (and tension) in the splice plates. Shear
is carried by shear in the web bolts and by the web
splice plates

Section 10.2.2

Single-cover (splice) plates are used for the flange
splices. This is satisfactory for a beam of the
proportions being considered. If double-cover plates
were used the number of bolts and the length of the
plates could be reduced, but this would be offset by
the introduction of four, rather narrow, additional
cover plates on the inside of the flanges.

In this example it is considered that, provided
reasonable care is taken in checking the beam sizes
and the fit-up of the splice, it is not necessary to add
an extra row of bolts to allow for a possible
mismatch of the sections. There is, in fact, some
reserve in that eight bolts have been used against the
7.2 required.

It is assumed in the example that the splice is part
of a medium-sized structure where M20 general
grade HSFG bolts are being used.
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Commentary: 1/2
Section 10.2.2

HSFG bolts are used to increase the stiffness of the
splice.

Slip resistance = Py = 1.1KuP,
K, = 1.0 for clearance holes
Bearing resistance = Py, = drphg < etphg/.’&

If the end distance (e) is less than 2d, the second
check for bearing resistance is required. However,
in this example it can be seen that the slip resistance
will govern, even if the end distance is reduced to
the minimum.

Section 7.3.1

Effective area of flange = K. X net area # gross
area

Section 10.1.3: Figure 10.2(b)

If the flange capacity is less than the flange force,
check the section, including the moment capacity of
the web. If the section is adequate check that either
the joint is long enough for dispersion of the web
moment or design the web splice to carry some of
the moment.

It is assumed that slip of the joint is undesirable
and, as a precaution, K, has been taken as 1.0 to
avoid undue reduction of the preload (and therefore
the slip resistance) due to thinning of the plates
under tensile loading (see Section 5.5.5). The splice
plate is thicker than the flange; therefore the flange
governs the bearing check for the bolts and no
further calculation is required.

Web splice
It is customary to use double-splice plates for web
splices.
Slip resistance (two interfaces) = Py
= 2 X L.1KpP,
K, =10

Bearing resistance = Py, = dip, < ep /3

In this instance, with the bolt in double ‘shear’, the
end distance bearing check could govern.
Minimum end distance for slip resistance to govern

3P, 3 x 142.6 x 10°
=— =" = 50.2mm

However, in this example the resultant shear on the
bolts is well below the slip resistance and the
minimum end distance of 1.4D could be used.

Section 8.2.2

Horizontal shear force on bolt due to moment due
to eccentricity

_ Pxexri
xr
n

There are two bolt groups (one each side of the
centre line of the splice) each having one column of
three bolts.

Equal eccentricity (¢ = 45 mm) is taken on each bolt

group.
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Subject Bolted cover plcd'e_' Chapter Ref.
Structural splice for Oniversol Beam lo
Steelwork I i
Connections  |“%%. |"eem |20 "M s
Code Ref. Calculations Output

-

S SR W3

-
122 |
o
é.tk.: 22 2]

o o o s < e cosmban e

a4

B I

i i :
P

b

o kS

S

i

; ;
B T &

A g

sk oy

For M2e Genersl ﬂre;de HSFa bolts n
- simalc shear

3

double shear |

Trcd

| due to.eccentricity

tesistanca = I xO4SxILhty = T1'3 kN

_\Sh'ra =

; (per bolt)

Beoring tesistanca = 2.0%13:3x lobs x 10”3
of Flange(per bolt) _ 2g93.3 Kkn

" No of bolts tequired = S14-3 = 7.

: e mﬂ' 7|.3 . -, 2'
Use 4 rows of 2 belts.

ZEFPQCJ‘N& area. of Flaﬂat:

= 1Lt mm*

1+0 % (152:9 ~2%2.2)
*13-3

2 3SS x 1448 % 103
=2 Sl14*2 kN
a F-la.mae ferrea

'Tr«d IS0 mm wide sph'cc plate
Thickness of spli . plate requiied

«3 xj|o = . .
revasecso=maay 2T mm

Elqnge ¢°-P“°"+S

o.K

=2

Use IS mm

wWeb splice ‘ ‘
For M2o Qeneral grode HSFG bolts in

Slip resistance Cper bolt).
2aAxllvoyuswihly = 1426 kN

- Bearing resistonce of web (per bolt)
. 2 20%X® X |06 X |03 = |70 4 kN

3 bolts et lao.mm \;(erht'-_;l.p'd‘ch 4S mm
the centre of the jaink.
] ipg = 2.5."4- k‘N

oo
= L

N S o I
L

bockondebeidordo ae b L3
. [ N

b

2/M 20 Genen|
Qrade HSFG
belts 1N @ach
Flange (eoch
Sicle of Jafnh)

ISox ls‘Flange

Sph’oa lates
(Gmde So)
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Subject Bolted cover plate Chapter Ref.
Structural splice for Universal Beam (o
Steelwork pen Gt BS Sqs© Rt 1. Eeample 113
Connections |y "%y (723 %
Code Ref. Calculations Output

Vertical shear force = 113, = 377 kN
er belb 3

.. | Resultant shear force = J254%+37-7*
Cop = L4.S°S kN

Use 2 No. 8 mm thicle splice plates

o.k,

3/M 20 Genensl
grade HSFG
bels af [COmm
pH‘ch N web
(each side of
Jofﬂl") ~

2 Noe. 8 mm
web splice
plauhas.




152 Beam and column splices

Commentary: 2/1
Section 10.2.2

Double-cover (splice) plates are used for the flange
splices. The plate girder flanges are wide enough to
accommodate three lines of bolts each side of the
web. Using double-cover plates provides a more
efficient splice than single-cover ones as the bolts
are in double ‘shear’. The centroid of the *splice’ is
also closer to the centroid of the flange.

TR l.—
1!
D

Forces in tension and compression are shown as load
paths. In the web splice, the forces applied by the
splice plates to the bolts (and beam web) are shown.
For clarity the forces are only indicated on the end
and central bolts.

The shear (and portion of axial load and moment
that stresses the web adjacent to the web splice) is
carried by shear in the web bolts and by the web
splice plates.

The balance of the moment and axial load is carried
by compression (and tension) in the beam flanges;
shear in the flange bolts and compression (and
tension) in the splice plates.
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Subject Reolted coever plad‘e - Chapter Ref.
Structural splice for Plate Girder lo
Steelwork Drin Code Bs 5950 Padt . Emaie 2/
Connections  |“§Yc | |22 |%me
Code Ref. Calculations Qutput

Bolted cover plate splice for Plate Girder
Desian o bolted cover plq:fe lice far a.
..., ||Sc0mm X koo mm plate irder, with

i . | 40 mm Hhicke flanges and o 1S mm thick
L+ web in er'a.de 4.3 steel. _
i .| The splice is to carry the Fnllc.wmg

it | loading (due 4o factored leads):

Bending mement u.u.ﬁ'é kNm o 4
. Shea.r 6260 kN . Pt
. Axial tensile load ek kN o
! Praper'hes of pla:l-e asrder T 2:9 6% )10% et
Area.-' 693 cm*>
? ' X <¥-T} 300
1 €o J_-”:L.”:L"‘ t 15, 7{ %, So
" 0 We
[ : A\t 3
[ ] ] - ) N Y ] 4
] \ ! 3: ]
geonsir| | o [+
pare T ol | TIe] 1S hik
~ o l web plate
o "'
+| 4
i
] S —
x| +14
o i a,/aoouo
o + ¥ web splice
o +t] plates
L. fwt . +i4| .
q el i
- ++
\--———-—-——- i
. R preu
[ 3] 1 _11' : | B
boo x15 ouvter ‘ E T S : c
flange splice  Aif bolts M22 Geneml qrode
P o HS’FG n 24mm drmd-er .
Lo p;.,_hg 3,«4&&1\4 sPhc.; : S ; E
f gﬁmﬂ 3@&@1&-3 o SRR i




154 Beam and column splices

Commentary: 2/2
Section 10.1.3

In this example the web splice is designed to resist
part of the applied moment.

At the level of loading being considered for the
design of the splice, the plate girder will behave
elastically; therefore an elastic stress distribution is
assumed for the design of the splice:

MY
fo=7

Horizontal force on bolt due to moment = f;, X bolt
pitch x ¢

Axial load

Average stress due to axial load = ———
Area of girder

Horizontal force on bolt due to axial load =
Av.stress X bolt pitch X ¢

Note that the resultant shear forces on the web
bolts vary. The forces due to eccentricity are added
to those due to the design moment on one side of the
joint and are subtracted on the other. The forces
due to the axial tension are added in the lower half
of the joint and subtracted in the upper half.

Section 8.2.2

Horizontal shear force on bolt due to moment due
to eccentricity:
P <Exti

SR

It is assumed in the example that the splice is part of
a large industrial structure where M22 general grade
HSFG bolts are being used.

Section 10.2.2

HSFG bolts are used to increase the stiffness of the
splice.

(Note: The capacity of bolts could be taken from
published tables of bolt capacities.)

Slip resistance = Py = 1.1KuPy
K, = 1.0 for clearance holes
Bearing resistance = Py, = dipy, < %etpbg

Slip resistance governs, provided that end distance

P 175.2
£3d x L =3 %22 x —=
Pog 272.2

= 42.5mm

Note that the ‘end distance’ is virtually the
horizontal distance to the end of the web, because
the resultant force on the bolts is almost horizontal.
The end distance required is inversely proportional
to the thickness.

Therefore, for splice plates, 15
end distances £ 42.5 X X

= 40 mm
8
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Subject Bolted cover plate Chapter Ref.
Structural splice for plafe girder lo
Steelwork PenCt 8S SaSo Farl | |Ecampie &/%
Connections | E3c  |*Ruer | T8 [“Wev g7
[
Code Ref. Calculations Output
3
? Lo .ce. .
R a Single rew of I3 bolts ot loomm vertical
Lo P -?d—- S'o mm from the centre of the joink.
1 |8ending stress in web of qider of level of ;
bl +°P and battom baH-s dve T moment ;
e LbSe xlotxboo o 917 Nfmm®
2:916 X 10¢ x lo%*
Horizontad shear forocw om belt due 18 mement”
= Q- 7Tx lecaxiS x|c3 = 1375 kN
? Avem.qe stress on irder due 2 axial load
=_loé % "..___'0 = 1+83 N/mm?
693 x jo*
Herizontal shear form on balt due & axial lead
= 'SR X looxISx¥x163 2 223 kN
Vertical shews forea ov bolt due 1o shear
= £20 = 477 kN
 |Honizemted shear form on belt due ta moment
jdue te eccentrictya 620 XSO % 600
; 2( oo™+ 200 3o+ 400 vscoc.&eo':
=2 lo2 kN
L RFSUJ‘}'MP sheor o= JUT T+ (1575 +2:3 + 102
e = ST 4 kN
s 3. .
NEA FEvrM:.Q. Genesal qra.de HSFG belts in deuble sheosr
6 b 20 ) <hp re.s:s!eu')cn. 2~n : x O ;;.S'M-n ° t‘ls 2 k-N
EOE N (P«'—f *1
ISR N
61hr2:2, Bea.nna revisfance = zzstls‘xszs‘xlo 2 z7z 2 kN [13/m22 Genered
g oF wdo(per bol'f’) } . S N jgrecde HSFG bolty
b ST . O Ise ol 100 mm pitch
da b e i e Ged e b - lin. web (@ach
bt u‘%u,;g.g 2 m Jc, ngm-ghw:; splica. plafes.. s.ae of . \Ieml‘)
M?_hm% ;,.;l, -4 »«n\\? ‘¢ , »? i i i,\ % ‘; f,, & & 37,, sP'@é . :
b = L + é i § : % 4,? g s I ; , R




156 Beam and column splices

Commentary: 2/3

Section 10.1.3

Area of web associated with the web splice is
assumed to extend half a bolt pitch beyond the top
and bottom bolts.

The slip resistance of the bolts is the same as in
the design of the web splice. From comparison of
the flange, web and cover plate thicknesses it can be
seen that bearing or end distance will not govern the
design.

Section 10.2.2

The splice is assumed to be an important detail
where slip at working load is unacceptable. The
extra row of bolts is an allowance for lack of fit. In
addition, care must be taken to see that the bolts are
preloaded correctly and that the condition of the
faying surfaces is adequate. In particular, the
presence of mill scale is not acceptable if the slip
factor is taken as 0.45 (Figure 5.15).

Section 7.3.1

Effective area of flange and splice plates = K, X net
area } gross area

Consideration should be given to the effect of any
loss of preload (and therefore in slip resistance) of
the bolts that could occur due to thinning of the
plates under tensile loading. In the example, the
number of bolts used is 50% greater than the
theoretical requirement, and this should cover any
loss of preload as well as lack of fit. If the number of
bolts is nearer to the theoretical it would be a wise
precaution to take K. = 1.0 in the design of the
cover plates (see Section 5.5.5).
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Subject Bolted cover plate splice

Chapter Ref.

Structural for plate girder 1o
Steelwork P ®® Bs 59% Rast Exomple 2J3
Connections  |“§3.  |%%..e1 |0 |* Nev'e7
Code Ref. Calculations Output

DO G SO
g E: -

SRS S T

.

2.3.3

Flange splices, Second moment of area of
por'hén i web which has its share of the

N lied moment and axial load cartied by the

web splize = I,/ = 15x (3002 = 0.275« 10* em*
12% [o* -

|Area of the same Po'r'hén of web

= Ay = ISxi300%10°% = 195 em®

PvIarha'n of applied mement camed by
(] SP'fcn. = Iﬁ' = 0275 x 10® = O 09
. -
Tgircier 2916 % |o

Propovhen of axial lrad camed by web splica
= Ay = 195 = 0-28]
Aen’lﬂer 6q3

Fores +o be camied by flange splice
= 44S6¥I0°y (1-0-094)+ 128 (1 — 0 28I
: ISoo — Lo x( “.) 2. ( )
= 2765-2 +38+ = 2803:3 kN

No of Mzzdicnb'az;lhgmdc HSFG boHs

ired ¥ = 2803 = . .
e o deble 9+ 2835 <o
Assuming that slip is critiéal use 4 s ofF
& bolts (which includes an extm Mo 4o Cover
any lack of fit)

EFfechive asea. of Hange ~
= l\2x(boo— 24xb) ¥ 4O = 21,888 mm*
(Gross area. = 600X 4O = 24,000 mMm?)

. -3
Fla.nge capacity : é:i; 2.:(?488 x|o
7 flange forea o.k

Effective area of Spllcn. pla:ke.s required
..z 2803:3 x10% .z 10194 mm*

o EStL TR S T RN

F

24/m22 Generld
tara.de HsFqG
beHs in each
Flenge (4 mnas
of & bolts each
Side of Jou’nb')
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Structural
Steelwork
Connections

Subject [Ba lted cover plaj'e_
splice for plate girder

Chapter Ref.
lo

Design Code Bs S"lS'o Bort

Calc. Sheet No.
Example 2|4

Calc. by Date
& D.c

Avﬂ,'g-/

P

Date |
Neov, '87T.

Code Ref.

Calculations

Output

TR S PR

o
H t
o rmb e

Outer sp)ifc,a plaj'e. \.1'}-3 Loo mm x IS mm Rlat

‘ E%ohva area= 1+2.x (00 ~b¥x24) XI5

. = 8208 mm*

7{ x o1y mm™ o.k.

- |Inside splic.e. plai’cs,-l"nd 2 Ne 250mm ¥ IS mm
| Effective area.

) . Flats,
HeZxLx(250-3x2.4)¥ IS
&L08 mm*
7L xio, 194 mm*

—
-

" -
—

oK

60Q\:j$‘ Q._gtgr'

fFlange | lace
P lates . SP

{9:-"5'0 NIy 1'Tlne_r'
d.l)ge sSplice
plates P




160 Beam and column splices

Commentary: 3/1
Section 10.3.2

The design examples are for columns which are not
prepared for full contact in bearing. Normally the
columns are cut square and the axial loads are
transmitted in direct bearing. In such cases, where
the splice is located near a point of lateral restraint,
(a) a nominal bolted splice would be used for
erection and continuity. This would be similar to the
splice designed in this example, but M20 ordinary
4.6 bolts could be used instead of the HSFG bolts.
For Universal Column sections, when the shear
force is small and could be transmitted by friction,
the web connection could be omitted for the
nominal connection.
The part of the axial load which is distributed in the
web of the column is indicated, for the sake of clarity,
by two load paths.

The axial load is carried by compression in the
column; shear in the bolts and compression in the
splice plates.

Load paths

.. S,
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Subject Bolted cover plate splica

Chapter Ref.

Structural for Universal Calumn 10

Design Cod Calc. Sheet No.
Steelwork esin Lode B 5950 Pour| E::.m;ele 03“
Connections  |*%". "%« |“FL0  |%. 9
Code Ref. Calculations Output

Bolted cover plate splice for Univenss) Glomn

|Design a. belted cover plate splice &r a
203 % 203 ¥ b0 WLC connected o o

| |2083 x203 %86 Lc. Both calumns are

'

grade 43 steel. The splice s to carry
an axiol lead of- 700 kN (dve +to
factored leoads.)) ,

é’ao %8
spw;hh

[Game

A

© 203203 vbo UC
‘—/ \.‘
Faios*"sph'

anqe Spic -
g'mm pa.:lz\s‘ !

5l

I 2/iSe x8 web
/s{lic.e. plates
mm pocks,

L~ -~

M2 Genernl
| L Qrede HSFG
olis 44

May Geneel Lh
rade HSFG
o s

) sn—

M22 Genessd
rade HSFG

”‘I@oh‘s. lho cle

Mag. General
rode HSFG T
beHs [Loc/e

20%x 203 %886 UC
SN

i




162 Beam and column splices
Commentary: 3/2

The axial load is shared between the web and flange
elements in proportion to their areas. If shear
continuity is not required it would be possible to
leave out the web connection and share the load
between the flanges (in which case the local capacity
of the flanges should also be checked).

HSFG bolts are used to provide adequate
stiffness. It is important that the surfaces of packs
and shims (when used) should comply with the
requirements for faying surfaces.

It is assumed in the example that the splice is part
of a large structure where M22 general grade HSFG
bolts are being used.

Slip resistance = Py = 1.1KuPy
K, = 1.0 for clearance holes

Bearing resistance = Py, = dipp, < eipp,/3

The end distance check comes from the second
requirement.
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Subject [B o I+ed cover plate

Chapter Ref.

Structural sphte for Universal Colomn o
Steelwork P e BS S950 Rt | Evomple. 3/2
H Calc. b Check
Connections  |“§%c |"R, ey |“F00 | e
Code Ref. Calculations Output
641+7:2] Case (o) The splice is Near o point of
begod m:i-%m—wﬁl The ends are not
4f e {prepared for full contock in bearing
i | . Area of 263%203% o UL = 7S'8 em™
Jl{ |Area of web2(209:-6~2 % I4-2)X 9.3 xlo™>
T |Web spliee
i FPortiea of load cartied by web = 700 * 169
T = ISt kN
For 2 No. M22. General grade HSFG bolts
4+« |in dovble shear ,
6:4:2:1 Total slip resistonce = 2X Ax |1 ¥ O 4S5 x 7717
et o =350-5 KN o.k
614122 Total bearing resistanca -3
SRR BT =A% 22.% 93 x8L5x IO
G;I(. s | =337 b:s kN o.k
ZIRTITI N : St x[o - 2a.
Lo l’_'nd distanca & 2xExq93% 825 30:Smm
P ., . Z/MZZ Genenl
Table 31| Alse end d'ls‘i‘a.ncn.{ I‘l;.(l?.i-.?.) = 336 mm 3@5& HSFG
i bolts in web
_.5, Use 2 No 8 mm thick splica plates 2 No 8 mm
b N . - '.
Flange splices web splice
Partion of load casttecd] b"d each Flanqge plates.
=4 (Too—ISé1) = 2720 k
: . Fer 4 No M22. General <3rao|e HSF& belts
i |in_single sheor ‘
Glr2+1| Tohall slip tesistanca= LX 11 % O:L5%177
, PR . = 35.0'5‘ kN O-K.
6€412:2] Totul beuu“x'ns resistance = . _
e -, = LX22% L2 %825 % |53
i = 1031 kN, OH-| 22 Genenl
sl End stanecs £ 2720 x 1O o M 22 Gen
18143 End dis ‘q?“"tuxé-xm-z.wszs‘ FT -l de HSFG




164  Beam and column splices
Commentary: 3/3

The bolts are placed at 140 mm cross-centres (which
is almost the maximum that can be used to comply
with the edge distance requirements of 1.25D) to
provide stiffness on the y-y axis: 140mm is the
standard cross-centre distance for a 203mm wide
flange.

Section 16.4

The effective width of plate is taken as the edge
distance to the outside and a dispersion of 30° to the
inside.

140
s

t |
- \ :
75
\ /
jl: -E)f\_ﬁii

200

\

If the detail is exposed the flange splice plates should
be increased to 10mm, to comply with BS 5950,
Clause 6.2.2.

Clause 6.2.2.
Case (b)
For ‘braced’ frames, of simple beam and column
construction, it is normal practice to place the
column splices immediately above a floor level. If
this is near to a point of inflexion, as far as column
buckling is concerned, the moment due to strut
action is negligible and a procedure similar to that in
(a) above can be used. In this example, the splice is
at mid-point and the moment induced by strut action
is taken into account.

The moment of 38.7kNm has been calculated
using the procedure in Appendix C3 of BS 5950.
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subject 3o lted coaver plate Chapter Ref.
StrUCturaI Spllce fr Universal Calumn lo
Steelwork Deion Code 85 $450 et | Example 3[3
Connections  |*&%. "% 7 |T2% |8
Code Ref. Calculations Output
| 200 mm wide sphaa. plate. ' ‘
.| Bolts aF 140 mm cross centres 7§ mmpﬁ"r.h g
Lo Thackness of Sp lica pla:fe re.QJu-ed
A = :2.'1:.. % ta?
; T 2775 (200-140+ 2% 15 tan 3c°) 3
=67 mm ?.oc.ntg
bl ‘Use 8mm plates flange sf:hce
L. Pla.‘!‘es
Gly2:2 Bec-.rma resistanca on bolt
L =[x 22% 8% 825 x |0 2= 681 kN
o.k.
.| The splica is ot the midpoint of the
.. | effective lcfls The ends are net
L prepared r fudl conmtact in beoring.
6:11-2] As +he splice is not nea.r"l'a'H'le end of
e the member account |s taken of +he
Moment induced by strut action.
For an effective len ‘H'z of Gm ,the mement
is equal to 38:7 kNm about Hhe Y-y oxis Q./Mu.c,encml
rmde HSFG
Web splice. As_in (&) above, but use M24|BoHs in web
- | bolts HFo match 'Fla.nae Sphce » 2 No. Smm
Flan lices web Sphc—e
o_r"F‘ucr'l % axial lead carmed b'd cach pla:fe

la.nae = £ (To0 —1S61) = 272, kN

Assome 2 lines of bolts o 14:0mm cenh-es
in each flange

Aan.l load?')erlcr;e‘c(:bo#s-'-_}_ l3(—: kN

Load per lme P boHs‘ dde.g = marnenl"
- R8T %10 7 ; ;

5 Mg -

1 e S e

;kttlx'n_ap

,,,,,

PR S

+




166 Beam and column splices
Commentary: 3/4

Note that if a standard 200 mm wide flat is used for
the cover plates, the cross-centre distance must be
reduced to allow the minimum edge distance for
M24 bolts. This would decrease the lever arm and
increase the bolt loads. Also note that bending
about the y-y axis of the column is being considered
and as far as the moment is concerned it is the
modulus, not the area, of the splice plate that should
be not less than that of the associated flange.

If the columns had been cut square and were in
bearing contact the loads that need to be carried by
the bolted splice would be less.

Where the flange cover plates are in one piece, as
in this example, the bolt group could be designed
using a procedure similar to that for an eccentrically
loaded bolt group. The procedure used here is
conservative, but it has the advantage that it is
simpler and that the number of bolts required is
determined directly.
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Subject [Bolted cove. late Chapter Ref.
Structural splice for Doniversal Calopn "o
Steelwork Deig Code s $950 Pask 1. e S
Connections | “g%c %8, w7 | Tl | ey
Code Ref. Calculations Output
, For M 24 General gra.de HSFGQ bolHs in
L . . |single shear
6;&-2(1 Slip resistance per bolt = || x O4Ss x 257
o é ‘ = jo2'S kN
R Beo.n'ns resistance Qk by xhspeci‘uén
| Nomber oﬁQ’.aoH'sz PCq,ufred in each line
; = 272 - 9.4
2.5 2-be & |M 2.4 Geners)
Dse 37&2./1\'1 24 bcl’f‘s)g:ﬁsde. HSF&G
; : N each
. [The size of the -qunae. splica ploj‘es -Fla.naé:
. |shevld be net less Hian Hhat of the
. |associated Fflanges (of the lighter
. . Isection when “‘hére 5 a change of
Sec.hél‘))
205 XIS

Use 20Sx% 1S F]o.nse spln'ce p]a:has

1 splice
pli?‘zes. pre




11

Column bases

11.1 Introduction

This is a neglected topic in structural engineering. A
literature search reveals few relevant papers and the
subject is given little attention in most design texts.
The most helpful text concentrates on practical
aspects of design.’

This dearth of research information undoubtedly
arises partly because of a general tendency for
research workers to specialize in one or other of
main structural materials. There is a strong tempta-
tion not to tackle problems at their interface.
However, one of the major motivations for research
is the occurrence of failures or at least mishaps in
practice. A shortage of research effort would
therefore seem to indicate that these connections
are not troublesome in service.

Nonetheless, it is still most important that proper
attention be given to the practicalities of design if
economy is to be combined with durability. There-
fore in addition to a discussion of traditional and
alternative approaches to design, this chapter also
discusses such matters as the control of bolt position
during concreting, practical tolerances and corro-
sion prevention.

11.2 Pinned bases under axial load
11.2.1 Traditional design

In most traditional codes (and indeed in BS 5950:
Part 1) the minimum thickness of a slab base is given
by an empirical formula such as:

‘= \/ [2'5’” (@ - 0.3b2)]
Pyp

168

(11.1)

where
a

slab thickness (mm),

the greater projection of the plate

beyond the stanchion (mm),

b = the lesser projection of the plate
beyond the stanchion (mm),

w = the pressure on the underside of the
base assuming a uniform distribution
(N/mm?),

Pyp = the design strength of the plate but not

greater than 270 N/mm?,

This formula is based on the use of a modulus of
1.2Z. The design strength is limited to 270 N/mm?,
regardless of the grade of steel, in order to limit slab
flexibility at working loads (see BS 5950: Part 1,
Clause 4.13.2.3).

The adequacy of this approach for traditional
construction is amply demonstrated by experience.
However, it is most important to appreciate that it
has limited applicability. It was developed, and may
continue to be used, for stanchions of concentrated
cross-section, such as UC columns as shown in
Figure 11.1(a) and RHS. In these cases the base
plate flexure is primarily governed by its projections
beyond the rectangular envelope of the stanchion.
However, with a more widely dispersed column
cross-section, such as the UB column shown in
Figure 11.1(b), flexure within the rectangular
envelope to the column cannot be ignored. If the
traditional formula is used it will lead to unsafe base
plate thicknesses. It is also worth noting that the
empirical formula can offer no guidance on the base
plate thickness for the stiffened base shown in
Figure 11.1(c).

11.2.2 Effective area design

Where a base plate of limited stiffness is used in
conjunction with a column of dispersed cross-section
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Figure 11.1 Column bases for UB and UC column sections.
(a) and (b) Unstiffened slab bases; (c) stiffened base

A
v

Figure 11.2 Distribution of bearing pressure beneath
axially loaded column base

the true pressure distribution is likely to be that
shown in Figure 11.2. Such a distribution is clearly
too complex to be used for design purposes.
However, a convenient way of recognizing that the
stiffer portions of the base plate will attract most of
the load is to introduce the concept of effective
areas. These are areas which are arranged around
the elements of the column cross-section, and
examples are shown in Figure 11.3.

It is a well-established principle of limit design
that, apart from certain situations where instability
influences behaviour or there is limited ductility, it is
not possibie to reduce strength by adding material.
Thus if a base plate design, including the determina-
tion of plate thickness, is based on the ‘effective’
portions of the base plate, then the addition of the
‘ineffective areas’ cannot detract from that strength.
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{c)

The effective areas are usually arranged symmetri-
cally about the elements of the column. The base
plate thickness may thus be determined from
consideration of simple cantilever bending of the
effective areas.

Note that this use of effective areas relies on a
definite partition of load among the elements of the
column cross-section. It is necessary to ensure that
each element can resist its portion of the total load;
it is unlikely for a serious overstress to occur in
practice but the check should be carried out for
completeness.

Ineffective areas

(a)

{b)

Figure 11.3 Effective area concept for axially loaded
column bases
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(a)

(b}

(c)

Figure 11.4 Stress distributions for eccentrically loaded column bases. (a) Elastic analysis; (b) plastic
analysis and effective area concept (large cccentricity); (¢) plastic analysis and cffective area concept

(small eccentricity)

11.3 Fixed bases under axial load and
moment

11.3.1 Traditional elastic design

It is possible to carry out an elastic analysis of a fixed
base.” This is on the questionable assumption that
plane sections remain plane. With the notation of
Figure 11.4(a) and where

. = area of holding-down bolts in tension,
o, = stress in steel bolts,

E, = modulus of elasticity of steel bolt,
0. = bearing stress in concrete,

E. = modulus of elasticity of concrete,
n = modular ratio Es/Ec,

there are three unknowns: P, y and o.. Vertical
equilibrium gives

0.5y0.B— P —P.=0 (11.2)
Moments about column centroid gives
D _y
P.f+ (P + P) >3 P.e=0 (11.3)
Plane sections condition gives
JE;, D2 —y+
L y+f (11.4)

oJE, y

Eliminating P, and o, from these equations, noting
that P, = g,A,, gives

3 _2 , , OnA
y +3le 2y-f~_~__(]‘+e)y
B
6nA, (D
" (?+f)(f+e)=0 (11.5)

Equation (11.5) may be solved, numerically, to
determine y, which may then be substituted into
equation (11.3), which may be rewritten as:

D vy
—— -
p=-p. 2 3 (11.6)
Dy
— - =+
> 3t/

to determine P,. P, and y may then be substituted
into equation (11.2) to determine o.

This seems a most cumbersome procedure, and
the analytical effort cannot really be justified when
it is based on such a questionable assumption as that
of plane sections remaining plane. It should also be
considered that:

1. The effective extensional stiffness of the bolts is a
function of their embedment length and preload.

2. The compressive stiffness of the concrete is a
function of the bedding material behaviour and
the manner of the compressive dispersion into
the main foundation.

3. The analysis ignores the influence of the most
flexible element, the base plate in flexure.

Thus while this method (or indeed any compara-
ble elastic analysis) will undoubtedly give a satisfac-
tory design, a realistic alternative should be sought
which is more amenable to design office use.

11.3.2 Effective areas concept

The effective area concept may be extended to fixed
bases by the means shown in Figures 11.4(b) and
(c). With an eccentricity of load of more than half
the column depth, an effective compressive area is




postulated that is arranged symmetrically around
the compression flange. Assuming uniform stress
over this area, the line of action of the stress
resultant is located at the centroid of the column
flange. Taking moments about this point gives the
magnitude of the bolt forces directly. The required
effective area of concrete is given by:

P+ P,

Oc

and dimension ¢ and plate thickness ¢ may be
determined as in Section 11.2.2. Detailed design of
the holding-down bolts and the associated flexure of
the base plate is discussed in the following section.

If the eccentricity of load is less than half the
column depth, the calculation is more awkward. The
effective area is required to be extended along the
web, as shown in Figure 11.4(c) until its centroid
coincides with the line of action of the applied load.
The calculation may then proceed as before,
although it will be noted that the holding-down bolts
are not subject to any external tension.

11.3.3 Design of base plate to resist tensions in
holding-down bolts

The flexure of the base plate may be based on the
effective-width approach outlined in Section 7.7,
together with an assumption of single-curvature
cantilever bending. It is not realistic to consider any
prying action and associated double-curvature bend-
ing, as in an end plate, because of the relative
compressive weakness of the bedding material.

e &

(a) (b}
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11.4 Holding-down bolt design

11.4.1 Pinned bases under axial load only

In the absence of any shear loading only nominal
holding-down bolts need be provided. They should
be capable of resisting any construction loading.
Unless some nominal moment capacity is required
for boundary fire conditions the bolts should be
positioned reasonably close to the column centre-
line. If, in addition, they are placed near the plate
boundary, grouting of the bolt pockets will be
considerably eased. Where boundary fire conditions
exist it will usually be necessary to use four bolts.
These can usually be positioned within the column
profile but will need to be reasonably close to its
corners.

11.4.2 Fixed bases under axial load and
moment

It is necessary to pay proper attention to the detailed
design of holding-down bolt systems for fixed bases.
The simplest solution, which is appropriate for UB
columns up to around 600 mm in depth with bolts of
up to M30 Grade 8.8, is to use an unstiffened base
plate. This plate will be of no more than 50mm in
thickness and the potential savings in base plate
thickness with stiffened systems will be more than
offset by the increased cost of fabrication.

Above that scale of construction it is probably
economic to adopt one of the stiffener arrangements
shown in Figure 11.5. Here it is important to take
account of the inherent eccentricity between the bolt
centreline and the centroid of the tension elements
in the column if bolt or local element bending is to

{c) [d)

Figure 11.5 Holding-down details for column bases. (a) Box column; (b) UB section
(moderate tension); (c) UB or UC section (high tension); (d) cylindrical column
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be avoided. With box columns (Figure 11.5(a)) one
solution is to extend the stiffeners so that the washer
plate has symmetric support about the bolt centre-
line. If bolt boxes are used, internal diaphragms or
stiffeners should be provided to resist the associated
moments. With two-bolt systems (Figure 11.5(b))
the individual bolts should be arranged so that local
symmetry is achieved about the tension flange. If
four bolts are used they can be arranged as shown in
(c). With cylindrical bases (d) it is difficult to
overcome the eccentricity directly. However, the
external ring stiffener and annular ring base plate
form efficient hoop structures when welded to the
main cylinder. These may therefore be designed to
resist, inter alia, the horizontal, radial couples which
arise from the eccentricity moment.

With the exception of the final example where the
stiffeners have to be welded directly to the base
plate it is prudent to ensure that all the compressive
load, including that arising from bolt preload, is
contained within the main column section and
excluded from the stiffeners. This is achieved simply
by ensuring that the stiffeners stop short of the end
of the main column cross-section. Without this
precaution, flexure of the base plate could lead to a
possible overstress in the stiffeners.

11.5 Resistance to shear forces

There is considerable disagreement on detailing
practice for resisting base shears. More rigorous
design guides preclude the use of holding-down
bolts in shear. By contrast, it is common and
successful industrial practice to use the holding-
down bolts of pinned base portals to resist the
substantial shear forces that exist in this structural
form. What follows is offered as commonsense
advice in an uncertain situation:

1. If shear is small compared to axial load (say, less
than 209%) then no special provision is required.
Provided that bedding procedures are acceptable
for resisting axial load, friction should be able to
accommodate this modest non-axial loading.

2. For higher shears (up to, say, 70% of the axial
load) cognisance has to be taken of successful
industrial practice. However, it is essential that
proper attention be paid to the following:

(a) The cleanliness of the holding-down pockets
prior to steel erection. Any foreign matter or
imperfectly removed polystyrene former is
going to have a severe effect on the ability of
the grout to support the bolt.

(b) The positions of the holding-down bolts in
the base plate should be arranged so that
there is good access to the bolt pocket to
ensure that it can be properly filled with
compacted fine concrete.

(c) The pockets for the holding-down bolts
should be so arranged that there is good
access for subsequent filling.

(d) The concrete composition should be speci-
fied to minimize shrinkage. A suitable mix
for general application would be, cement,
sharp sand, fine aggregate and water, in
proportions of 1:1%4:2:0.5. This should give a
workable mortar, not a liquid, which will not
pour but can be compacted into the bolt
pocket provided that there is good access.

(e) Excessive clearance between the bolts and
the holes in the base plate should be avoided.

Notwithstanding these precautions, it is unrealis-
tic to assume that some columns in such situations
will not show some horizontal deformations as they
take up slack in the shear path. If this cannot be
tolerated then one of the more rigorous design
procedures outlined below should be adopted.

Figure 11.6 shows various means of resisting shear
forces without using the holding-down bolts. In
Figures 11.6(a) and (b) the shear is transmitted into
the base by direct bearing of the column on infill
concrete. Provided that there is no requirement to
separate the column base from the floor slab, the
infill pour can be incorporated into this latter pour.
Alternatively, a pocket base can be used, as shown
in (c). This has the added advantage of providing
moment fixity.

In this latter case special design procedures are
necessary. Some design texts suggest that the axial
load can be taken by bond between the column and
the concrete, the surface area utilized being the
outer faces of the flanges and both faces of the web.
The inside faces of the flanges are not used because
of the tendency of the concrete to shrink away from
these faces. However, a more certain approach is to
take the axial load in bearing on a small base plate
or end cleats. The moment and shear are taken in
direct horizontal bearing between the column and
the concrete. An appropriate bearing width of both
flanges may be utilized. Bearing stresses between
steel and concrete and bending strength of the
flanges are similar to those used in base plate design.

There is one special practical point about pocket
bases which should be considered before they are
used. They are a natural trap for debris and mud if
low-lying in relation to site levels. Cleaning out is a
straightforward operation prior to erection but is
difficult once the steel has been erected. Cleanliness
prior to concreting the pocket is clearly essential for
satisfactory structural performance. They are prob-
ably not suitable on sites which are liable to flooding
or in situations where there is likely to be a
protracted interval between steelwork erection and
concreting.

If the ground is poor it may be inadvisable to
transmit the shear to the column base. In this case
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Figure 11.6 Arrangements for resisting column shear.
(a)—(c) Shear transmitted into column base; (d) shear
carried by tie between columns; (¢) slab reinforcement to
resist shear

the best solution is to provide ties between the
columns. In Figure 11.6(d) a separate tie is
provided. This is sometimes placed beneath the
floor slab but then special protection against
corrosion is required. If the ties can be accommo-
dated within the slab depth, as shown, then the
concrete will provide very effective protection. In
poor ground there may be a possibility of differen-
tial settlement between the slab and column base.
The detailed design can be arranged to accommo-
date this by means of flexible material both around
the column and extending a suitable length along the
tie, permitting the latter to flex without cracking the
slab. This portion of tie should be wrapped as
protection against corrosion. The remainder of the
tie, within the slab, may be left unwrapped, in which
case the tensile strains imposed locally on the slab
may lead to minor cracking. If this is unacceptable
the bar should be wrapped along its entire length to
break its bond with the concrete. In the latter case
the tie extension should be calculated and provision
made for this potential movement. Consideration
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should also be given to this deformation in the
former case, though the stiffening effect of the
concrete is likely to reduce its magnitude in practice.

Alternatively, if there is no concern about
differential settlement and if the slab extends at least
200mm beyond the external column flange, hori-
zontal shears may be resisted directly by the slab. As
shown in Figure 11.6(e), reinforcement is hooked
around the column and suitably lapped with the slab
mesh. It is necessary to ensure that the slab mesh is
continuous, or suitably lapped, across the full width
of the slab.

11.6 Provision for adjustment

It is most important to appreciate the variations in
practical tolerances that exist between structural
steelwork and in-situ reinforced concrete. The
former can be fabricated to tolerances of 2-3 mm;
the dimensional tolerances that can be obtained with
the latter, without expending excessive effort on




174  Column bases

geometric control, are 2-3cm. For economy of
construction, it is essential that the base details can
accommodate these discrepancies readily. Referring
to Figure 11.7, variations in level must be allowed
for by:

1. Specifying a nominal depth of bedding mortar
such that, if the top of the concrete is 2 cm high, it
will still be possible to pack the reduced gap. A
nominal depth of 40 mm is satisfactory for small
bases — a greater figure should be used for larger
areas. If the concrete is low, extra bedding can be
provided.

2. Holding-down bolts should be detailed with a
greater extension than that nominally required.
Thus, even if the whole base is low, it will still be
possible to use the holding-down bolts directly,
without all the difficulty of collars and extension
studs.

Discrepancies in plan position may be readily
accommodated if:

1. The concrete base is sufficiently large to support
the base plate in the presence of a realistic
misalignment. In critical situations it might have
to be designed for the possible eccentricity of
loading.

2. There is provision for adjustment of the bolt
position. The bolts may be cranked if they are no
more than 24mm in diameter and a pocket
150-200mm deep is provided at the top of the
bolt. Alternatively, a loose bolt and washer plate
arrangement, as shown in Figure 11.7(b), may be
used. For bolts over 24 mm diameter cranking is
inappropriate and the arrangement shown in
Figure 11.7(c) should be adopted.

11.7 Holding-down bolt details
11.7.1 Static loading

Above 24 mm diameter, J-bolts are most awkward
to support during concreting because of their weight
and lack of symmetry; a sleeved holding-down bolt
is much more suitable. Even below that diameter,
J-bolts are being superseded by light washer plate
bolts for the same reason.

It is a common mistake to underestimate the force
that wet concrete can exert on holding-down bolts.
Simply clamping the bolts to a flexible plywood
template is only satisfactory for very small bolts.
Wiring them to reinforcement may also not work
because the latter may also be disturbed. Larger
bolts should be securely held in place by top and
bottom templates; the latter may incorporate the
washer plates.

Where washer plates are used it is important to
ensure that the bolt is free for adjustment after
concreting. This may be achieved either by the use

of a nut cap below the washer plate or by releasing
the bolt from its template immediately after the
concrete has achieved its first set by waggling it to
break the end bond.

Unless corrosion-resistant bolts are used it is
essential that the void around the bolt be grouted to
protect it from corrosion. Note that mild steel bolts
are more able to sustain corrosion than high-yield
bolts because of their greater diameter for a given
capacity. A similar corrosive waisting on bolts of
similar strength but different quality will lead to a
greater reduction in strength with high-yield bolts.
In corrosive conditions either a corrosion allowance
should be made or corrosion-resistant bolts should
be used.

Detailed design of holding-down bolts to resist
static uplift forces does not present any particular
difficulty. J-bolt anchorage lengths may be calcu-
lated from conventional criteria for plain reinforcing
bars. With washer plate bolts no account is taken of
any bond with the grout because of its likely
shrinkage. All the tension is therefore resisted by
the washer plate, which may be designed as a
simple, upturned, base plate.

< 40Amm 50 mm extra
bedding length
Bolt anchorage
< 7? mm length starts here
| 1

&q

e~

Bolt
< 40 mm sleeve
grout /
« \: [l .
4 v ;

/;f’//f
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) 7

L ]
2
| 4 ,«_‘_, ‘ 44]
1 N ut/ cap

Bar to prevent
nut rotation

(c)
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Figure 11.7 Provision for adjustment in holding-down
systems. (a) J-bolt; (b) light washer plate system; (c)
heavy-duty holding-down bolt



11.7.2 Fatigue loading

As in other bolt situations where fluctuations in
applied bolt tensile load occur, the only way to
achieve a satisfactory fatigue life is to protect the
bolt itself from fluctuations in axial load. This is
achieved by preloading the bolt so that fluctuations
in external load produce fluctuations in the precom-
pression between the concrete and the base plate
with negligible fluctuations in bolt load. The bolts
should be:

1. Of high-strength steel, corrosion resistant if
necessary;

2. Properly tensioned, to a load suitably in excess of
the applied load per bolt;

3. Of sufficient length so that loss in preload due to
concrete creep is minimized. Most of the creep
will occur in the regions of high compressive
stress immediately adjacent to the washer plate
and base plate, at the ends of the bolt. Ideally,
the bolt should have a stressed length of at least
twenty times its diameter;

4. Wrapped along their length so that they are
debonded from the concrete.

In critical situations, it would be appropriate to
require retightening of the bolts after most of the
creep losses had occurred (say, six or twelve months
after original tensioning).

11.8 Foundation bolts

Section 3.5 describes the various types of foundation
bolt that are available. These are usually inserted
into drilled holes, and their main advantage is that
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they thereby overcome all the problems of position
tolerance that occur with traditional holding-down
bolts. In addition, they can be used for attaching
steelwork to existing concrete structures.

Most of these bolts may be used for both shear or
tensile loadings. However, the following points
should be carefully considered before using them to
resist tensile loads in the completed structure:

1. Thermal or other movement may well cause the
concrete to crack in the immediate victnity of the
hole. Such cracks would reduce the capacity of
frictional fasteners severely.

2. Resinous bonding agents only adhere to the
surface of the concrete. Any dirt or dust coating
will reduce the bond.

3. The high quality of modern concrete drilling
means that much less reliance can be placed on
mechanical interlock to develop tensile capacity
in the bolts (for example, a diamond-drilled hole
without being roughened is unsuitable for a resin
anchor).

4. It is difficult in practice to achieve satisfactory
workmanship standards on small-volume mixes
of either cementitious or resinous bonding
agents.

5. Resinous bonding agents will creep under sus-
tained load.

References

1. Holding Down Systems for Steel Structures, The
Concrete Socicty et al., 1980.

2. Blodgett, O. W., Design of Welded Structures, James F.
Lincoin Arc Welding Foundation, 1972.



176  Column bases

Commentary: 1/1
Section 11.2.1

The base plate design uses the semi-empirical
formula in BS 5950: Part 1.
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Commentary: 1/2

Although the minimum size of base plate is rounded
up to 475 X 475, the extra plate is ignored and the
minimum dimensions are used in determining the
minimum thickness (see BS 5950: Part 1, Clause
4.13.2.1). If w, a and b for the larger plate were used
in the formula, the minimum thickness would also
be increased:

Py = 265N/mm* = p, for Grade 43 plate,
16 <t <40

In this example the welds and holding-down bolts
are nominal, since only axial compressive forces
have to be resisted.
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Commentary: 2/1
Section 11.3.2

The applied load and moment are equivalent to an
axial load of 1147kN applied at an eccentricity of
536 x 10%1147 = 467 mm from the centreline of the
column. This is outside the compression flange;
therefore the axial load and moment will be
assumed to be resisted by tension in the holding-
down bolts and an area of concrete in compression
balanced about the compression flange.

GZ

1

U

Load paths

f. Holding-down bolt

[ w ]
- !

The overturning moment (in conjunction with the
axial load) is resisted by uplift on the holding-down
bolts adjacent to the tension flange and bearing on an
area of concrete balanced about the compression
flange. The eccentricity of the holding-down bolts
from the tension flange and the spread of the load
from the compression flange are carried by the base
plate in bending.

Four hundred millimetres is chosen as the
distance of the bolt line from the centreline of the
column (i.e. 95.2mm offset from the face of the
column). If the bolts are too close to the column,
there would be high stress concentrations in the fillet
welds and adjacent to the bolts, and the effective
length of the weld used in the design would need to
be limited to ensure that the weld is not overstress-
ed. (Remember, a fillet weld has limited ductility.)

Two hundred millimetres is chosen as the bolt
spacing parallel to the flange. This spacing, com-
bined with the offset chosen, places the bolts in a
reasonable relationship to the welds. As a guide,
make:

Bolt spacing # 2(offset + bolt diameter)

45" .7 Maximum spread for
2d1-E" reasonable distribution
N of load to weld
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Commentary: 2/2

The bending moment in the base plate is calculated
at the centreline of the compression flange. If equal
loads are assumed for the welds at the inside and
outside of the flange, the maximum bending
moment occurs at the inside of the flange. Using the
lever arm to the centre of the flange to calculate the
bending moment is slightly conservative. (Taking
the bending moment at the face of the column would
not be conservative.) If the distance from the bolts
to the edge of the plate is excessive (i.e. the top and
bottom edges in the figure), the whole width of the
base plate may not be effective in bending. The
maximum effective width can be taken as 2s + 2a +
2.8b, as in Figure 7.17(g) (although here the plate is
in single rather than double curvature and a
different yield line pattern would apply). By
resolving the vertical loads

Compressive load = (Uplift on bolts)
+ (applied axial load)

Bending moment at support of (358/2) mm cantilev-
er, 500mm wide, with a distributed load of
8 N/mm?:

Pyp = 245N/mm? = p, for Grade 43 plate
40 < ¢ < 100 mm

51.1 > 33.6mm. Compressive loading governs
thickness of base plate.
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Commentary: 2/3

The 8 mm fillet weld is specified to avoid hydrogen
cracking, bearing in mind the thickness of the base
plate. A smaller weld could be specified if welding
consumables are used with a controlled hydrogen
content. (See BS 5135: 1984.)

The end of the column and the base plate are
assumed to be in tight bearing contact, and the
compression is transmitted in direct bearing.

Section 11.5

The shear can be transmitted to the concrete base

by:

1. Provision of shear keys;

2. Concreting in of the base plate;

3. By shear on the holding-down bolts (but the
effect of clearances and/or play in the bolts must
be considered); .

4. Friction between the base plate and concrete
(grout).

In this example the shear force can be transmitted
by friction:

ired = L 0.125
u required = - — = 0.
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Beam-to-column connections

12.1 Introduction

Building frames are classified conveniently in two
ways. First, it is necessary to differentiate between
sway frames, where horizontal forces are resisted by
flexure and shear in the beams and columns, and
no-sway frames, where horizontal forces are resisted
by other means. These other means might be a
system of bracing or infilled panels between
neighbouring columns or may involve the use of
diaphragm action of the floors, which are them-
selves tied into a concrete services core.

Second, as shown in Figure 12.1, it is possible to
differentiate between the assumed modes of be-
haviour of the frame connections under gravity
loading. Simple connections are only designed to
transmit shear from the beam to the column, at
some nominal eccentricity from the face of the
column. Semi-rigid connections are those where it is
recognized that the connection has a finite rotational
stiffness and strength and will therefore transmit
some moments from the beams to the columns. Of
course, these beam end moments will be less than
would occur in a similar frame with rigid connections
between the beams and columns, where, as the
name implies, it is assumed that the connection does
not deform significantly under applied moment.

Rationally, simple connections can only be used
for no-sway frames. However, in the past, ‘simple’
design, or Type II construction, as it is known in
Australia and the USA, was widely used for sway
frames. The same connections were assumed to act
as pins under gravity loading and to be moment-
resisting under sway loading! The principal justifica-
tion for this anomalous design method was that it
worked in practice; indeed, some very large
buildings (including the United Nations Building in
New York) have been proportioned by this design
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method. One of the significant failures of structural
engineering research has been its inability to
demonstrate why such a design method could
produce safe structures. A principal reason for using
this method in the past was the great difficulty of
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Figure 12.1 Methods of frame design. (a) ‘Simple method’;
(b) semi-rigid method; (c) rigidly jointed frame




analysing a rigid frame of practical size by manual
techniques. It is now very much easier to analyse a
practical rigid frame by computer, and it therefore
seems likely that ‘simple’ sway frames will be less
frequently used in the future. There is therefore no
discussion of such connections (often called wind
moment connections) in this book.

Semi-rigid design methods were originally intro-
duced in recognition of the practical moment
resistance that exists in many ‘simple’ connections.
They were formulated for no-sway frames. Early
studies showed that they offer little or no economy
over simple design for frames of conventional
proportions, and these design methods have found
very little application in practice. The design
method has never been extended to sway frames.
However, there has recently been a resurgence of
research interest in semi-rigid frame behaviour. At
the time of writing (1989), this work has not led to
any developments of direct value to the designer. In
the future this situation may change and designers
would be well advised to maintain a watching brief.

While the use of rigid connections in no-sway
frames will undoubtedly reduce beam sizes com-
pared to frames with simple connections, much of
this weight saving is lost because column sizes in
rigid frames will increase if they are designed by
traditional elastic methods. In addition, rigid
connections are significantly more expensive than
their simple counterparts. Therefore they can rarely
be justified in no-sway frames of conventional
proportions. It is only if beam depth is limited and
stiffness rather than strength governs design that
rigid connections, which considerably increase
frame stiffness, may be justified.

Thus the designer is currently faced with a limited
practical choice of frame design methods and
connection types (if beams and columns are in the
same plane). Probably 90% or more of all frames
may be classified as no-sway. In this context:

1. Simple connections should be used if strength
rather than stiffness governs design. This is
generally the case if the span:beam depth ratio is
no more than 20:1.

2. Rigid connections may be justified for slender
construction because of their enhanced stiffness.

Sway frames will be rigidly jointed. Up to about
five storeys in height there may be some economy to
be gained by using plastic methods of analysis.
Above that, such a frame is likely to be too flexible
and elastic analysis should be used.

The connections presented in this chapter are
consistent with the above analysis of current
methods of frame design.

Note that a building frame is a two-way structure,
and different structural systems may be used in the
two directions. For example, it is quite common for
a rectangular building to be braced in its long
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direction but be a sway structure in the other.
However, for convenience of presentation in this
text, where major and minor axis connections to a
particular column are illustrated or discussed, they
are always of the same type.

The above entirely relates to the conventional
situation where the beams and columns of a
particular frame are in the same plane. However, a
recent development in structural form uses pairs of
beams that pass either side of the column, It is thus
possible to retain the simplicity of simple construc-
tion and still utilize the benefits of continuity in
beam design.

12.2 Simple connections'
12.2.1 General

Figure 12.2 shows the common types of simple
major and minor axis beam-to-column connections.
Selection of connection type is generally dictated by
economics; any particular decision is primarily
influenced by the fabricator’s equipment but is also
affected by secondary considerations such as speed
of erection. However, it should be appreciated that
the detailed choice of connection can influence
element design, because different connections offer
varying degrees of in-plane and out-of-plane re-
straint between members. For example, connection
type (a) would justify effective length factors of less
than 1.0 for minor axis column failure and
lateral-torsional buckling of the major beam;
effective length factors of 1.0 should be used for
both these elements with connection type (b).

12.2.2 Clip and seating angle connections
(Figure 12.2(a))

This form of connection would be most economic
for fabricators equipped with automatic, numerical-
ly controlled, saw and drill lines or saw and punch
lines. All the bolt holes in the main elements can
thus be produced economically and no welding is
required to the elements, except possibly for a
load-bearing stiffener to the beam. The connection
does not present any particular difficulty in design
but attention should be paid to the following points:

1. In checking the end-bearing capacity of the beam
on the seating angle, account should be taken of
the possible adverse combination of tolerances in
determining the minimum overlap of the beam
and the vertical angle leg.

2. If the seating angle is unstiffened it is acceptable
to design the seating cleat/column bolts to resist
shear only. However, if the angle is stiffened the
horizontal leg of the angle can no longer flex, and
these bolts should be designed to resist the
corresponding moment as well as the shear. The
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Figure 12.2 Simple beam-to-column connections. (a) Clip and scating angles; (b) shop-welded cleats; (c) web
cleats; (d) single-web cleat; (e) curtailed end plates; (f) and (g) shear plates

eccentricity should be taken as the outstand of
the horizontal leg.

3. The clip angle at the top of the beam can only
resist shear by flexure of the legs. This is a much
more flexible mode of behaviour than the
bearing action of the seating angle. The clip angle
should therefore not be assumed to contribute to
the shear resistance of the connection.

12.2.3 Shop-welded cleats (Figure 12.2(b))

The cost of drilling holes in rolled sections increases
considerably in the absence of automatic plant.
Setting-out costs become significant and manipula-
tion of the section with a radial drill or of the mobile
drilling equipment if the section is held stationary
also increase the fabrication cost. In these circumst-
ances it becomes economic to minimize the number
of bolts and attach the cleats to the column by
welding, thus eliminating all holes in the column.
Holes still have to be drilled in the beam end but this
is unavoidable.

In general, angles will be used to form the cleats;
they are speedily punched and cropped to length
and their right-angled form helps to hold the

connection square. However, with some combina-
tions of column and minor axis beam sizes the
seating cleats that would be required to be welded to
the column would be a high proportion of its web
width. In such circumstances it would not be
possible to achieve sound welds to the vertical ends
of the cleat because of access difficulties, and an
alternative seating bracket should be used. In the
example shown, a Tee section bracket is used. Such
a bracket is very good structurally but has to be sawn
rather than cropped, which increases its cost
significantly.

If UB major axis beams are used it is customary to
provide a small web cleat to the top of the web as
shown, to stabilize the beam against torsional
instability. If UC beams are employed (probably
because structural floor depth is limited) there is a
greater resistance to lateral-torsional buckling and
these cleats may be omitted in many circumstances.

Note that the projecting cleats that have been
welded to the column are usually of only modest
strength. Care should be taken during transporta-
tion and erection to avoid damaging them. Irrespec-
tive of design load, they should be attached with
welds of minimum size for ductility (page 49). If




they are knocked they will then deform plastically
rather than suffer any cracking of the welds. Minor
bending damage can be corrected at site.

12.2.4 Web cleats (Figure 12.2(c))

As an alternative to seating angles, web cleats may
be used to transmit the beam shear into the column
and angle cleats may be used which can be either
bolted or welded to it. Alternatively, plate cleats or
fin plates can be welded to it. If they are used for
attachments to the minor axis of small columns, as
shown, they are protected from damage and avoid
welding access problems. However, the beam
flanges will usually have to be notched, so that the
beam can be dropped into position.

Design texts vary in their advice about an
appropriate treatment for the inherent eccentricities
when angle cleats are used. The most suitable
analytical model is probably to postulate zero
moment at the heel of the angle. The eccentricity of
load on the bolt group in the beam web is thus the
angle backmark, labelled e in Figure 12.2(d).
Because of symmetry, no account need usually be
taken of eccentricity of load on the individual bolt
groups in the column flange provided that a pair of
web cleats is used and they are not less than, say,
60% of the web depth. (This second limit is to give a
reasonable lever arm to resist the eccentricity
moments.) Very small, or short, cleats should be
designed to resist both eccentricities on the bolit
groups. It is particularly important that proper
consideration be given to eccentricity if a single web
cleat is used, as shown in Figure 12.2(d). Attention
should be paid to both deformation and strength if a
single-bolted cleat is used. If the cleat is short, bolt
clearance in the holes is likely to lead to significant
rotation of the beam about its longitudinal axis. The
bolt group should be designed for the eccentricity e
shown in Figure 12.2(d).

Where fin plates are used the designer has to take
care to ensure that the connection has sufficient
rotation capacity.? This can be achieved by:

1. Using ordinary (not HSFG) bolts;

2. Ensuring that significant bearing deformation of
the connected plies will precede bolt shear failure
(i.e. that plate thickness is not greater than 0.54
for Grade 43 and 0.4d for Grade 50 steels);

3. Detailing edge distances that are not less than
twice the bolt diameter;

4. Ensuring that resistance of the welds attaching
the cleat to its support is greater than the
moment that can be supplied by the bolts. For
simplicity in practical design, this condition will
usually be readily achieved by using welds that
have the minimum capacity to ensure ductility in
the connection (i.e. that Ta = 1.2t for Grade 43
and Za = 1.4t for Grade 50, where ¢ is the
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thickness of the fin plate). Designers need not
concern themselves with the rare situations
where such welds will not meet the criteria
outlined above, because yielding of the fin plate,
either adjacent to the weld or on the net section,
will relieve the moment.

12.2.5 End plates (Figure 12.2(e))

Simple end-plate connections are now very popular.
Their use can eliminate all hole drilling in the
beams, and modern milling saws give sufficiently
accurate dimensional control of the beam length and
end squareness for the need for packs to be
minimized. Design does not present any great
difficulty, but some care in detailing is required if
the inherent rigidity of this type of connection is not
to lead to problems as the beam takes up its simply
supported profile with its associated end rotations.
Some designers use full-depth end plates in this
situation, welding them to both flanges; this forces
the centre of the beam end rotation down to the
bottom flange, increasing the deformation require-
ments of the top region of the connection. Other
designers curtail the end plate short of both flanges,
as shown in the minor axis connection in Figure
12.2(e). This produces a rather fragile end plate,
prone to transportation damage. The most sensible
arrangement seems to be that shown for the major
axis beam connection. The end plate is attached to
the top plate for robustness but does not extend
unnecessarily far down the beam web, giving the
least resistance to beam end rotation. It is, of
course, necessary to ensure that this short end-plate
design has adequate shear capacity, both within the
end plate (on critical sections through the bolt holes)
and in the beam web adjacent to the weld.
Ductility of the upper region under tensile
deformation is partly ensured by controlling the
proportions of the end plate and bolts. In moment-
resisting connections using Grade 8.8 bolts and
Grade 50 plate even plastic methods of analysis
cannot justify end-plate thicknesses that are signifi-
cantly less than the bolt diameter, with the bolts at
the minimum eccentricity from the beam flange and
web. With these proportions bolt fracture in tension
is unlikely to occur before significant deformation of
the end plate. In simple connections there is only a
deformation requirement to be satisfied, with the
provision that the bolts must be protected from
excessive tension. With Grade 8.8 bolts this would
seem to be achieved if the end-plate thickness is
kept to no more than half the bolt diameter. Bearing
in mind that Grade 4.6 bolts have half the tensile
capacity of 8.8 bolts and that plate flexural strength
is proportional to (thickness)?, an appropriate upper
bound on plate thickness with Grade 4.6 bolts would
seem to be a third of bolt diameter. Conveniently,
with these thickness limitations bolt shear rather
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than plate bearing will still govern bolt design
strength for the common structural bolts. The
cross-centres of the bolts should not be less than the
4 x bolt diameter plus web thickness that is the
convenient minimum for installation.

Ductility of this region could also be impaired by
premature weld rupture. This can be eliminated by
providing welds joining the web to the end plate that
can develop the tensile yield capacity of the web
plate, i.e. double-fillet welds that comply with the
requirements on page 49.

There is a scale effect with this type of connection,
which does suggest that there should be an upper
limit on size. Beam end rotation under factored
loading is independent of beam size. It can be shown
that, if the beam is fully loaded and has a
span-to-depth ratio of less than 20, end rotation is
unlikely to exceed 0.020 radians for Grade 43 steel
or 0.026 radians for Grade 50. If a nominal
deformation of, say, Smm to the tension region of
these connections is considered acceptable at
working loads (i.e. 7.5mm under factored loads)
then maximum end-plate depths should not exceed
370mm and 280 for Grades 43 and 50 beams,
respectively. (This nominal deformation may seem
rather high, but in practice will be reduced partly by
bedding in of the bottom of the end plate and
deformations of the column.) In order to have
sufficient robustness, and to ensure that the bottom
flange of the beam will not bear on the face of the
column, it would seem prudent to limit the
minimum end-plate sizes to half the beam depth.
(The local shear capacity of the beam web would be
an important consideration for such proportions.)
Thus the maximum beam depths for curtailed end
plates would seem to be 740mm and 550 mm for
Grades 43 and 50 steel, respectively.

12.2.6 Shear plate connections (Figures
12.2(f) and (g))

There are two types of shear plate connection.
These are particularly suitable where beam shears
are high and/or speed of erection is an important
consideration. The half plates shown in Figure
12.2(f) require more fabrication but ensure that
there are no weldments to the column outside the
beam profile. The combined shear and end plate in
Figure 12.2(g) requires one less plate and less
welding.

In either case nominal bolts should be positioned
near the effective centre of rotation to ensure that
the connection integrity is maintained. It must, of
course, be ensured that no packs are used with this
type of connection without special consideration to
guarantee that adequate bearing area is maintained
and that there is no possibility of the beam slipping
off the shear plates. Distortion of the shear plates
must also be considered, because they are only

welded on three sides. Supplementary bolts may be
necessary to ensure that distortion does not occur.

12.3 Semi-rigid connections

Figure 12.3, reproduced from the final report of the
Steel Structures Research Committee in 1936
shows the four classes of connection that were
studied when semi-rigid design methods were
originally developed. As can be seen from the
details, they are not suitable for modern use, and
are shown here for historical interest only.

Recently, attempts have been made to revive
interest in semi-rigid design methods, and studies
have been made of the moment/rotation characteris-
tics of connections that would otherwise be regarded
as simple.* As discussed in the introduction to this
chapter, the use of these connections in the design of
frames of conventional proportions, where strength
governs design, does not appear to lead to economy.
It therefore seems inappropriate to discuss them in
detail in this design text.

A more appropriate use of semi-rigid design
would appear to be for frames where the depth of
construction is limited and where stiffness rather
than strength governs design. In such situations
composite beams are likely to be used, and it might
be possible to use a semi-rigid composite connec-
tion.

Some initial development work has already been
carried out,>® and Figure 12.4 shows an example of
the type of connection that might be used. The
essential ductility for this design method is de-
veloped by yielding of the reinforcement in the slab.
At the time of writing this development work has
not been taken to a stage where a complete design
method is available, and it is therefore inappropriate
to present a detailed discussion at this stage.
However, the initial work was encouraging, and it
seems that this approach, once development work is
completed, offers a possible application of semi-
rigid connections in the future.

The other application of semi-rigid concepts is to
recognize the actual rotational stiffness of ‘simple’
joints when determining the effective length of
members.” The most likely outcome from current
activity on this topic is that it will lead to refinements
in element design rather than influence connection
design directly.

12.4 Rigid connections
12.4.1 Conventional office buildings

Figure 12.5 shows the conventional types of rigid
connections for typical office buildings. Fully site
welded connections may be used, though they have
not proved economic in the UK in the past. They
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Figure 12.3 Classification of early semi-rigid connections

have found wide usage in other countries, notably in
the USA. In such connections fitted column web
stiffeners will generally be required for all but the
heaviest column sections. Cope holes should be
provided to assist in any remedial measures that may
be necessary if there is poor fit of the top flange and
to provide access for downhand welding of the
bottom flanges.

In the early days of bolted connections Tee stubs
were sometimes used to connect the flanges of the
beams to the column. Because of the large number
of bolts required, together with the necessity of
using HSFG bolts to give the required rigidity, this
form of construction has fallen into disuse. All rigid
bolted connections make use of end plates, as shown
in Figures 12.5(b) and (c). Short end plates are not
very efficient structurally, because of the reduced
lever arm for all of the bolts. They should only be
used in those relatively rare situations where the
connection moment is significantly less than the
moment capacity of the beam. Extended end-plate
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connections are much more effective. They can
generally be designed to develop either the yield
moment or the plastic moment of the beam section.
For beams of less than 500 mm depth it is usually
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Figure 12.4 Economical semi-rigid beam-to-column con-
nection in composite construction
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Figure 12.5 Connections for rigidly jointed frames. (a) All
welded; (b) bolted with short end plate; (c) bolted with
extended end plate

possible to develop the required capacity with the
six bolts shown if they are of Grade 8.8 and
appropriate diameter. Semi-empirical methods are
available for designing this type of connection.!*?
They all make use of yield line methods and are
subject to the same detailed criticisms that were put
forward in Section 7.7.2. However, they have been
experimentally verified for connections of conven-
tional proportions and may be used in such a context
with confidence. More general methods are demon-
strated in the worked examples in this chapter; they
can be used in any context and are not necessarily
more conservative than the semi-empirical
approaches.

In extended end-plate connections that are only
subjected to 70% or 80% of yield moment capacity
the tension load path may be idealized as a Tee stub

connection concentric about the top flange and
designed in the conventional way, taking account of
prying action as indicated in Table 7.5. It is likely
that column flange stiffening will be required. The
compressive load path may likewise be assumed to
be concentrated in the bottom flange. It is essential
that a row of bolts is provided near the bottom of the
end plate to stop this part of the connection from
‘springing’. These bolts may be utilized to transmit
the shear from the beam to the column. If they are
inadequate for that purpose then additional rows
may be provided. As illustrated, the bolt spacing
does not comply with maximum pitch criteria. For a
connection that will be protected from corrosion this
should not create difficulties, and indeed it is
common for these criteria to be ignored in this
situation. However, if there is any possibility of
moisture ingress to the connection then stitching
bolts should be provided. If such bolts are used then
they will inevitably attract significant tension. In
order to guard against premature weld rupture
arising from this tension the beam web/end plate
weld should be made the minimum size for ductility,
at least for the tensile portion of the web.
Alternatively, the welds could be designed for the
load that would be induced in the bolts.

For higher proportions of the moment capacity of
the section it will be necessary to mobilize the
contribution that the web makes to bending
capacity. The tension in the upper part of the web is
transmitted to the bolts by transverse bending of the
end plate, as shown in Figure 7.20(b). This will
increase the load on the lower pair of bolts. In order
to increase the effective capacity the triangular
stiffeners shown in Figure 12.5(c) should be
added.!® Additional bolts may be provided if
necessary, extending the two columns of bolts
downwards. The compression in the lower part of
the web is simply transmitted by direct bearing into
the column.

12.4.2 Heavy construction

As the scale of construction increases it becomes
more difficult to design straightforward extended
end-plate connections. The major difficulty is in
fitting sufficient bolts in the tension region of the
connection. It is possible to provide additional bolts
below the basic tensile bolt group, but they have
reduced effectiveness because of the shorter lever
arm and they may overload the beam web in
tension. In some circumstances it may be possible to
fit two lines of four bolts around the beam flange, as
shown in Figure 12.6(b), but this will not work for
many combinations of beams and columns. Thus in
many practical instances in heavy construction it is
not possible to develop the full moment capacity of
the beam sections without increasing the lever arm
of the connection. This may be carried out by the
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provision of a simple haunch, as shown in Figure
12.6(a). Once the decision to provide a haunch has
been made it is sensible to provide as large a haunch
as can be accommodated, up to the point where the
haunch depth is similar to the beam depth. The
marginal cost of increasing the size of the haunch is
small, but by so doing it will be possible to reduce
the number of bolts and minimize the stiffening
requirements for the column. In many cases it will
be most economic to cut the haunch from the same
rolling as the main beam section. However, it would
not generally be economic to increase the height of
the building in order to accommodate a large
haunch, even if this were permitted.

Figure 12.7 summarizes the two possible modes of
behaviour of the haunch. In Figure 12.7(a) it is
assumed that the compressive load path remains in
the haunch flange. The haunch web provides the
shear path for any change in flange force that may
be necessary for overall equilibrium and transmits
shear to the lower bolts. (Some of the shear is, of
course, transmitted by the inclined flange of the
haunch.) Note that this assumption of behaviour
leads to a requirement for a full-strength weld at the
point where the haunch meets the beam bottom
flange. In Figure 12.7(b) it is assumed that the
haunch web is effective in transferring the flange

—eee ot

force C; into the main beam by in-plane shear and
bending. In addition, it transmits the vertical shear
through to the beam web. In practice, the haunch
will operate in a combination of these two modes;
the first will tend to predominate for short, steep
haunches, the second will become more significant
for longer, shallower elements. In design either
mode may be assumed, or a combination of both; in
any event, it would seem suitable to proportion the
haunch in accordance with compact section criteria
so that any necessary redistribution of forces may
occur safely. The magnitude of the governing forces,
Cy, G5, Ty, T; are found in a straightforward way
from moment equilibrium at the two ends of the
haunch.

Figure 12.6(c) shows a form of rigid connection
that is particularly suitable for heavy construction
with box columns and plate girders. The greater
width of such construction will generally enable the
moment to be developed within the depth of the
girder; as shown in Figure 12.6(d), it is possible to fit
many more bolts across the width of the connection,
and at this scale of construction it is appropriate to
use large bolts (M36 or M42). The ‘Tee stubs’ to the
flanges would typically be 40-50mm in thickness;
the beams will probably have to be machined to
length once fabrication has been completed. For
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Figure 12.7 Structural bchaviour of haunches. (a) Bending
resistance confined to haunch flange: (b) bending and
shear resisted by haunch web

these two reasons, it becomes economic to use the
arrangement shown where the heavy Tee stubs are
curtailed and a lighter load-bearing stiffener is
positioned between them. In some instances, when
the column plate would be overstressed in local
flexure, it may also be necessary to use Tee stubs
inside the box column. With this arrangement it is
not possible to take the shear directly from the web,
and a shear plate may have to be provided
underneath the lower Tee stub. The box column
openings for bolting access should be noted.

Simple shear plates are only satisfactory with this
large-scale construction if the beams have sufficient
torsional flexibility to overcome any rotational
misalignment about the beam longitudinal axis. If
box beams or short-span plate girders are used,
problems will arise because of their torsional
rigidity. If shear plates have to be used in such
construction, a radiused pack plate should be
incorporated to remove this potential lack of fit, as
shown in Figure 12.6(e).

12.4.3 Stiffening for rigid connections

Figure 12.8 shows the various types of stiffening that
are commonly employed in rigid connections.

Traditionally, horizontal fitted stiffeners were pro-
vided on the lines of the tension and/or compression
flanges, as shown in Figure 12.8(a). Similar stiffen-
ing would be used for box columns. This both
relieves the column web and stiffens the column
flanges in flexure.

If it is only necessary to strengthen the column
web then it is possible to use the web plate shown in
Figure 12.8(b). Note that an edge preparation is
necessary for this plate in order to achieve
satisfactory welds along its longitudinal edges. It is
important to check web plate stability by ensuring
that maximum weld spacing criteria are not ex-
ceeded. If the unsupported web plate is too slender
then plug welds will be necessary. If only one web
plate is used, leading to a lack of symmetry, it is
customary to consider that only half its thickness is
effective, unless the web is only being stiffened to
increase its shear capacity. In the latter case the
assymetry will not reduce strength significantly.
With all these caveats and restrictions, this form of
stiffening will only rarely be the best solution.

If only the column flanges on the tensile load path
need stiffening in flexure it is possible to stiffen them
by the backing plates shown in Figure 12.8(c).
Design methods are being developed for these
stiffeners, but it should be noted that they can only
be effective in stiffening the column flange in the
vicinity of the bolt holes. Because they are only
loose plates they cannot reinforce the flanges at the
critical section in transverse bending where they join
the web. It follows from their mode of action that
their use will increase prying forces in the bolts.
Once again it is only rarely that they will be the
optimum form of stiffening.

At interior beam-to-column connections most of
the moment is transferred through the connection
from beam to beam. At exterior beam-to-column
connections the moment must be transmitted into
the column, producing very high shears in the
column web. This is discussed in detail in Section
14.2.1.

If the column web can accommodate these high
shear forces then the most economical stiffening is
the orthogonal pattern shown in Figure 12.8(d). If
the column web is overstressed in shear then the
traditional solution was to introduce a stiffener on
the compressive diagonal, as shown in Figure
12.8(e). If this stiffener is proportioned only to
improve the shear capacity of the web then the
horizontal compression stiffeners must be retained.
However, if the diagonal stiffener is designed to
resist the diagonal resultant of the sum of the beam
compressive force and the column flange upwards
force at X then the lower horizontal stiffener may be
omitted. The variation in behaviour implied by
these different approaches to stiffening is fully
discussed in Section 14.2.1.

A recent development in stiffening has been the
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Figure 12.8 Stiffeners for rigid beam-to-column connections. (a) Traditional stiffening for interior
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introduction of diagonal tension stiffening as shown
in Figure 12.8(f). There are situations where such
stiffening may be more economical than that shown
in Figure 12.8(e). However, it should be used with

A

First

No fusion here

{a) R

Figure 12.9 Welding details for stiffeners in rigid
beam-to-column connections from Figure 12.8. (a) From
(€); (b) from (f); (c) from (g)

caution if the overall geometry is such that there will
be a significant reduction in lever arm (l.a.) within
the connection. If this occurs and is not accounted
for in design there could be a premature onset of

—
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(b} I
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No fusion here
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compressive yielding at 'Y which could initiate
failure. This topic is discussed in Section 14.2.5.

If the column depth is considerably less than the
beam depth, then the geometry of the stiffening
previously discussed reduces its efficiency. In such
circumstances the use of K stiffening, as shown in
Figure 12.8(g), will give a stiffener alignment that is
closer to the ideal 45° to the vertical. (Wherever
possible, stiffeners should lie between 30° and 60° to
the vertical, to give good ‘triangulation’ of load
forces.)

The introduction of diagonal stiffening elements
can complicate welding, and Figure 12.9 shows some
of the welding details that may arise. In general, the
more critical tension stiffening is positioned first and
the compression stiffening added afterwards; the
weld details are chosen to suit the particular
geometry.
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Commentary: 1/1
Section 12.2

Design examples 12/1-12/5 cover various simple
beam-to-column connections. To enable compari-
sons to be made, all the examples are for the same
reaction and the same beam and column sections.

. Length of \w/eLb
. Dearing
1
End T+r 7
clearance [ b ‘!
and !
é tolerance e N ! r
Nwwwvw(/450 —- T
8 A ]
|
g C
L/
y

Details of dispersion through seating cleat and flange.
Section 12.2.2

Where applicable, the web buckling should also be
checked. For the reaction in this example it can be
seen from ‘member capacity tables’ that web
buckling is not a problem:

Minimum length of bearing
at edge of root radius =
Reaction

Web thickness X design strength of web

A dispersion of 45° is taken from the bearing on the
cleat to the root line. (Note: The dispersion at a
slope of 1 in 2.5 in BS 5950: Part 1, Clause 4.5.3 is
not applicable for this procedure.)

If packs are inserted between the seating angle
and the bottom flange, dispersion of load should not
be taken through the packs.

Check that the end of the calculated bearing
length (point A) is in fact on the proposed cleat.

It is important that a tolerance is included in the
design of seating cleats, since small dimensional
changes can have a large effect on the capacity.
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Commentary: 1/2

The bending resistance is checked at the tangent
point of the root radius on the horizontal leg of the
seating angle (point B). Theoretically, the maximum
bending stress occurs to the left of this point, due to
the increase in thickness (and modulus) being
initially small relative to the increase in moment.
This is compensated, to some extent, by taking 1.2
x wT%6 instead of the plastic modulus (wT%/4).
Consequently, the full plastic modulus should not be
used with this procedure.

Section 12.2.2

The bolts connecting the seating angle to the column
are designed only for shear (and bearing). If the
angle were stiffened they would also have to be
checked for the tension due to the moment applied
by the beam reaction.

Reaction 0.6 X < shear capacity. Therefore,
moment capacity does not have to be reduced for a
high shear load (BS 5950: Part 1, Clauses 4.2.5 and
3.2.6).

The bearing capacity could be governed by the
capacity of the bolt itself (on the column flange or
the angle) or by the capacity of the column flange or
the angle. In this example it can be seen, by
inspection, that the bearing capacity of the bolts on
the column flange governs.

If the seating angle were being designed as a
simple bracket (and not as part of the end
connection of a beam) the moment capacity would
have to be checked at the upper row of bolts in the
vertical leg (point c¢). The conventional design
procedure of only checking the horizontal leg
assumes that a small horizontal thrust is generated
between the bottom flange of the beam and the
angle. Therefore, this design procedure should only
be used when the bottom flange is bolted to the
seating angle and there is an additional cleat
connecting the top flange (or the top of the web).

The connection is suitable for connecting a beam
to a column flange (where the flange is stiffened by
the column web) or to the web of a Universal
Column (where the ends of the seating angle are
close to the column flanges). It is not generally
suitable for connecting to the web of a beam (since
the web would be too flexible). It could be used if a
suitable stiffener is provided on the line of the
connected beam and the web is not too thin, or
possibly if matching connections are made on both
sides of the web and the designer is confident that
the reactions will be virtually equal for all load
combinations.
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Commentary: 2/1
Section 12.2.4

Web cleat connections are assumed to rely on the
local distortion of the cleats to accommodate part of
the end rotation of the beam. To obtain the
flexibility required, in this example the thickness of
the cleats is limited to 8mm, and the cross-centre
dimension of the bolts is 120 mm, which is close to
the maximum permitted for the sections used.

In traditional design the effect of eccentricity is
ignored when designing the bolts connecting the
cleats to the column flange. However, with the
lower safety factors adopted in current design codes
it would be prudent to allow for the effect of
eccentricity. This particularly applies to the smaller
connections; consequently the effect is included in
this example.

Shear capacity of bolt in double shear = 2p, A,
Bearing capacity of bolt = py,,dr
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Commentary: 2/2

For a Grade 4.6 bolt bearing on Grade 43 steel, the
bearing capacity of the bolt governs rather than the
capacity of the connected ply:

Bolt capacity = lesser of the shear capacity and
the bearing capacity

Section 8.2.2

Horizontal shear force on bolt due to moment due
to eccentricity

_y Do
=V, = ;rf
. P,
Vertical shear force per bolt = V, = —
n

Resultant shear force = V(VZ, + V2)

The eccentricity of the load is taken as the
distance from the heel of the cleats to the bolt line,
i.e. the reaction is assumed to act at the face of the
column. This is reasonable, since the column flange
will have some relative stiffness. If the connection
were to be made to a relatively flexible plate (for
example, the web of a plate girder), then the
eccentricity should be taken from the centreline of
the web (with allowance for packs if there is a
possibility that they could be used). However, the
eccentricity could be taken from the face of the web
if the connection is balanced by a similar connection
on the other side of the web.

Shear capacity of bolt in single shear = p.A,
Bearing capacity of bolt = py,,dt

An assessment of the maximum horizontal shear
force on the bolts has been made by assuming a
compressive reaction between the cleats (25mm
from the top of the cleats) and by assuming that the
horizontal loads on the bolts are proportional to the
vertical distances from this point. Hence, horizontal
shear force on bottom bolt

Vertical shear force per bolt = V,

R
=on (There are n boits per cleat.)
n




Worked example 212

203

Subject Beam 1o colomn

Chapter Ref.

6 32

£:3:3

Structural connechon —Bolted web cleats 12
Steelwork Design Code BS 4o Part | g:f:e’;t,r;o.i/z
Connections  [*3%. [*Kq a1 |20 |, w7

Code Ref. Calculations Output
653531 Bearing ity (oF bolt) o web of beam

o= 43 Q.ox7(=xlo3 661 KN
j, My & kelts aF 1S mm verhizal piteh, Somm

N ; ﬁum heel of cleats

1 |Horizevited shear forea on belt-due 4o

; . lmement dug +'g_ecce.n'h'§m

Lo = 1S XSO X j12- = 290 kN

e | 2(37' S+ 1I12'S5) 1

' |Vertical shear fores per bolt = uf =363 kN

o ,, }QeSuj‘i’o.nf' shear forca = [29.0% + 36:3%

Sl = Lol kN M26 bel
< bolF capacify O.K éf,ﬁ.de"u_'?ﬁh

Connechsn 1o column flonge .
Br M20o Gra.de L& bolts

ity of sttt in sm:ale shear
= 1bo X :mgx 03 = 392 kN

Bearin acity (of bolt) an 8mm cleat
gl.q.c':ﬁ'r?_ox S xio3= 96 kKN

Try b boHs 2 rows aF 75 mm vertical
r\d}‘ ‘120 mm cle.

Sheor

Ass-.:mmg centre of pressure. 2S5 mm lelaw
"l’bP of Sleat, horizemtal shear forc

e
better palt dve &6 moment due
+o eccentricit
= pSx0:S 2.0—-706)x2.oo

2.(5”0"'+ l')_S’*-k 200’-)

“J-'O kN

VerhcaJ shear Faru_ er looH‘

= lys o zmﬁg N

zzzz
i : s




204 Beam-to-column connections
Commentary: 2/3

Resultant shear force = V(VZ, + V2)

It can be seen by inspection that the cleats and web
of the beam are adequate in shear and bending.
The bolts in the column connection are staggered
relative to the bolts in the web connection to give
better access for tightening.
The edge and end distances should be checked
(BS 5950: Part 1, Clauses 6.2 and 6.3.3.3).
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Commentary: 3/1
Section 12.2.4

A single-sided web cleat connection may be used
where it is not possible to fix a pair of cleats.
Otherwise, a double web cleat connection is to be
preferred.

It is necessary to use friction grip fasteners for the
cleat-to-column connection and to include the
eccentricity of the beam reaction in their design. If
ordinary bolts are used, the combined effect of the
eccentric load and the clearances in the bolt holes
could lead to an unacceptable twist at the end of the
beam. Note that the slip resistance calculation in BS
5950: Part 1, Clause 6.4.2.1 is only a serviceability
check (6.4.1), and if the top flange of the beam is
not laterally restrained (for example, by a concrete
floor slab) it would be prudent to keep at least 20%
in hand when designing the bolts to provide a
margin against slip at working load.
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Commentary: 3/2

Shear capacity of bolt in single shear = p.A,
ps = 0.48 U; but < 0.69 Y;

Bearing capacity of connected ply = py,.dt

Section 8.2.2

Horizontal shear force on bolt due to moment due
to eccentricity

Pxexri
= V ]
. Py
Vertical shear force per bolt = V, = —
n

Resultant shear force = V(VZ, + V2)

To avoid having to preload the bolts in the erected
steelwork it is assumed that the cleat would be fixed
to the column flange (with the preloaded bolts)
before erection, and that the site connection would
be made to the beam web (with no preload
requirement).

Slip resistance = P,; = 1.1 KuPy
K, =10 for clearance
holes
Bearing resistance = Pyg = dipy, < 113 etpy,

In this example, end distance (e) > 3d. Therefore
dtp,,, governs for a vertical load. However, the later
calculation shows that the resultant load is at 45° (e
= 47.8mm). End distance then governs bearing
resistance (105.2kN): but slip resistance still gov-
erns the bolt capacity.

Section 8.2.2

Horizontal shear force on bolt due to moment due
to eccentricity

P, xExli

A

=Vm=
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Commentary: 3/3

P
Vertical shear force per bolt = V, = —
n

Resultant shear force = V(VZ + V2)

Any out-of-plane bending of the cleat required to
accommodate the end slope of the beam is ignored,
on the assumption that it does not significantly
reduce the plastic failure load of the cleat. The
important point is that the out-of-plane bending is
due to an applied deflection (as distinct from an
applied load).

Bending moment = Vertical load X eccentricity

The effect of the eccentricity ((7.6 + 8)/2mm) of
the beam web from the leg of the angle is not
checked in the example. To limit the effect of this
eccentricity, the following guidance has been
observed:

Depth of cleat > 0.75 X depth of beam
5 x (end reaction)
py X (depth of cleat)

Thickness of cleat >

(Note: The cleat must not be too thick or it may be
too stiff to accommodate the end slope of the beam
(see commentary on Example 2/1.))
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Subject Peam o calumn connectin

Chapter Ref.

Structural — single bolted web cleat 12
Steelwork pin 0ot S 6950 Rart) Example 213
Connections  |*%% . |"a...e7 |T28% %o

Code Ref. Calculations Output
S R W ‘

i | Verhéal shear force per bolt

SIS S i :L‘:"..S.:L;.S'SKN

e 3

17 1 | Resultank shear forca = [H 835+ 1837 | -
b b : = LR 3/M20 Genen
R o8B N Grade HSFG
N A < belt capadity O.klpslts
e b

i | Gleak angle .
vy fIry Qoxq0* 8 argle x 3SOmm .

. | Check bending af belt line of connechon
g +o colomn flafiqe ,
11 | Bending moment = 1S x b0 = 8700 Nm
1‘3 S‘ Memenk capadity = p,z. N

i 244917 Nm qox9ox
o ' angle cleat
10 > bending memenk » §5‘0

O.k. Use,

L

SR
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Commentary: 4/1
Section 12.2.5

The strength calculations for a welded end-plate
connection are relatively straightforward. It is
perhaps more difficult to ensure that the connection
has sufficient flexibility/ductility to accommodate
the end rotation of the beam. The flexibility is
achieved by limiting the thickness of the plate (r 3
d/3) and by positioning the bolts not too close to the
web and flange of the beam.
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Subject Beanm o colomn connechan| Chapter R;f_.
i

Structural —welded end plate
Steelwork Design Code g ¢ <qgy Post | lc. Shepe}é\lnl-‘.ll
Connections  |*%%. % s7. |OF2 |50

Code Ref. Calculations Output
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H - 4 & & :
oo o s» q -i%. :
M 0 : 4
. 13 4
o : :
e T -i{- -
e, 8l
X

T
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¥
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e s
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H
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Commentary: 4/2
Section 12.2.5

Due to their lack of ductility the fillet welds must not
be a ‘weak link’. Generally, this would be avoided if
the sum of the throat sizes of the web fillet welds is
made greater than 1.2t for Grade 43 steel and 1.4¢
for Grade 50 (to ensure that the welds are stronger
than the yield strength of the web of the beam). In
this example the fillet weld size is less than this
value; but the nominal capacity of the end plate in
bending is so much less than the capacity of the
welds that the welds cannot be considered to be the
weakest link. Thus

3, wT?

D_awvr
2 4
. . F
Nominal capacity of plate = —
w
_ 2Xx275 % 6 0. 10KN/
S02x4x 108

which is much less than weld capacity (0.90 kN/mm)

Shear capacity of bolt in single shear = p,A,

Bearing capacity of bolt = py,dt

Capacity of 6 mm fillet weld = 0.7sp,,
=0.7 X6 x 215 x 1073
= 0.90kN/mm

The stresses in the end plate are satisfactory by
inspection.
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Subject Ream to celumn connechdn]

Chanter Ref.

Structural — welded end plate 12
Steelwork Design Code g 5950 Parti %“j,,":",;,“;’ Lef2.
H Calc. b D Check b
Connections 6he "Rt |0 P 07
Code Ref. Calculations Output
_? : | |Bohed connechon 4o columa .
ii i+ |For M20 Grade b bolts and a bmm
BENS thick end plate.
53";2; Shear a.ahd of belt m s.ngle shear
. i e . = 6O 'x. Q.L..S‘w lo™3 39+ kN ‘
b:i;.?aj Beo.nns o.c,«‘ly éoF boH’) on Lmm end
e plate "= 38 x20 x 6 ¥ 107 = S2:2 kN
bl nﬂmlmw Number of bolts z 1S = 3.7
el | 392 L/M2e bolts
ot : : : Use L|.. e lts. Grade L6
I ,I_'_fnd gla.:l"e.
j . [Use 86 mm x b mm plate ¥ 250 mm deep |180%6 en:_
U late ¥ 250
§ % Lcm 1 of Rllet welds canncc:h end P
L ,ol e to beam web = 256 —109 -8
| A = 231 mm each side
Shear onj weld = 145 = 0.3 KkN/mm
;61605'-5 ‘ 2x 23]
L Use bmm Fillet welds| 6 mm Fillet
; . welds .
Shea.r' stress on web of beam
- : . = 145 x o3 = 83 N/MM’“
e 23) x b
.
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Commentary: 5/1

The problem with the design of this type of
connection is that the ‘bending’ flexibility, which is
present in properly proportioned angle cleat and
end-plate connections, is not available. Consequent-
ly, the movement required to accommodate the end
rotation of a simply supported beam has to be
achieved in some other way. In this example it is
assumed that the movement is supplied by the hole
clearances and where necessary by elongation of the
bolt holes. To achieve this:

1. Ordinary bolts are used (not friction grip bolts);
2. The bolts are designed to fail by bearing of the
connected plies and not by shear of the bolt;

3. Edge distances are made = 2 X bolt diameter;
4. The resistance of the welds attaching the cleat to
the support is made greater than the moment that
can be applied by the bolts. The minimum weld
size relative to the web thickness to achieve

ductility is also considered.

Section 12.2.5

The procedure should be suitable for beams of up to
10 m span for Grade 43 steel and 8 m span for Grade
50.

Grade 8.8 bolts are used so that failure would be in
bearing and not in shear.

Shear capacity of bolt = p.A,

Bearing capacity of connected ply = pydt

Edge distances are = 2d, so that end failure does not
govern.

The beam is stopped 20 mm short of the column to
give ample clearance to the fillet weld.
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Structural

Subject Beam +o alomn connection
— welded web cleat

Chapter Ref.
12

. ; Calc. Sheet No.
Steelwork PuimCode BS S350 Pert 1 BTN S))
Connections  |“§%. |*fqe | "7 |%tr
Code Ref. Calculations Qutput
Beam +o calumn conned'on — welded web
%é% o web cleat connection ( welded +
;- Hhe Solumn and site bolted to the beam)
.- for o, L4ob x 178 xS URB in Grade 4.3
|steel +a carry a. reaction of 145 kN (dlue
.o factsred “loads). The connechien s
v+ ito the flange. of & 203 %203 xS2 Uc
BEEN L q(a.de L¢.3 sf‘eeJ
-; g e 203 % 203 % $2 UC
:__%fr LobXx1 78 «xS4 U
RUSE N il
] o [LE
i ; . \IQ) - JEy-
RSN 3|
g c § . r: ,’
BRS i il
e o
e +
AR B E -
3, ,;x EO v - N
e f 4 > loox 8 cleat plate
U WO SR [ . o . : X3jo
N \ 8 mm fillet welds
;* ) o 3 bolts M20 grade 88
i’ » ‘ _ ‘ 2o mm end c!emnca
T %ﬂgc—h&n% welp of beam .
ry MZG%Qrp.de‘sjBkbo'l's o..ndo.Smm
et thi c.k,c.QCcd‘ p ait,., Fgep
6@2: S:écdapm afasihyl . l:pl’?l- '§ ""fa'ﬁ shear
e 4,7::317 } 1,‘_§‘;r|@¢L ,_; q;.q kN
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Commentary: 5/2

The effect of the lateral eccentricity of the beam web
from the cleat is not checked. To limit the effect of
this eccentricity it is suggested that the following
guidance is observed:

1. Depth of cleat € 0.75 x depth of beam

. 5 X (end reaction)
2. Thickness of cleat «

Pyx (depth of cleat)

(Note: There is no need to check the shear capacity
of the cleat since this is covered by 2.)

The moment that could be applied by the bolts if
they go into bearing is checked. In particular, the
welds attaching the cleat to the column are checked
for this moment. (Fillet welds loaded transversely
have limited ductility, and it is important that they
do not become a ‘weak link’.)

Section 8.2.2
Moment that could be developed by the bolts

zn

"

= capacity of a bolt X
T

The moment that could be developed by the bolts is
greater than the eccentricity moment. Therefore, it
is used for the design of the cleat plate and welds.

Moment capacity of plate = p,Z

The leg length is deducted from each end of the weld
to allow for ‘end craters’. It is not considered good
practice to return the fillet welds around the end of
the cleat, as it may cause a severe notch in the cleat
where it is most highly stressed.
. Moment

Horizontal shear = ———

Z of weld group
Reaction

Horizontal shear = ———m88
Total weld length

Section 4.4.4

Eight millimetre fillet welds are specified to ensure
that the welds are not likely to be a ‘weak link’.

X (throat size) <« 1.2 x thickness of plate
(for Grade 43 steel)

or € 1.4 x thickness of plate
(for Grade 50 steel)
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Subject Beam & celuomn connechidn| chapter Ref.
Structural — welded web cleat 12
Steelwork Do Gk Bs Saso Parkl. |l ST
Connections  |“g0. | w. | 2L |Weer
Code Ref. Calculations Output
61313+ 3| Bearing Hy of oonncdecl | S
b la_bm x 76 % 073 bgﬂq kN S
I m, o= LS o R
R m mmum Numiber of bol .65-___q ) 2; in ggngﬂfs
. - S : 8.
Pl CJeaJ'pla-'h'_ © ‘£§
Lo [Try lCox® plai'e. ¥ 340 mm, with oot line
i 6O mm from fhce of column 2 od
thal- proposed cleat is acceptable :
o belembn c“fﬁl effects doe 1+ offset of
5 s m we. .
; Minrmam -Hmckne;s = _SxReachon
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. | Design for moment of 16776 Nm . | \
42+ | Momenk capacity of plofe = 275 83407 |87 100 x @ plate
. =42387 Nm 16776 Nm, Ok. |*¥3somm .
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Commentary: 6/1
Load paths

\

T/\+

For clarity only the nearside load paths are shown.
The moment in the beam is carried by tension in the
top flange and upper portion of the web, bending in
the end plate; tension in the bolts; bending in the
column flange and tension/shear in the column web
and stiffeners, together with compression in the
bottom flange and compression/shear in the stiffeners
and column web.

Section 12.4.1

The example illustrates the design of a bolted
beam-to-column connection, where the end plate is
extended above the top flange of the beam.

The bolts have been set out with a nominal
minimum distance of 60mm from the flanges and
web of the beam (actually, 59.7 mm from the web).
This should provide sufficient clearance for the use
of power tools to tighten the bolts (at least up to and
including M24 HSFG or Grade 8.8 bolts).

Section 8.3

The connection is assumed to ‘pivot’ about the ‘hard
spot’ at the bottom flange and the loads in the bolts
are assumed to be proportional to their distance
from the centre of the bottom flange. However,
some account is taken of the greater flexibility of the
cantilever end plate supporting bolts F; compared
with the portion of plate supporting bolts F,, which
is stiffened by the beam web, by assuming that the
loads in bolts F, and F, are equal.
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subject Beam & column connechan| Chapter Ref.
Structural — Bolted erd plate 2.

Calc. Sheet No

Steelwork P o BS SaS0 Past | Brample &1
Connections  |“gY. (% o7 |“F0% |™Nerso
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Commentary: 6/2

If the end plate were finished at the top flange (i.e.
all the bolts were within the depth of the beam), the
compressive reaction F, and the maximum bolt load
F; would, in this example, both increase by about
20%. As a consequence, F, would be greater than
the flange capacity, a larger size of bolt would be
required and the web of the beam would be
overstressed by about 40%.

b is measured to the toe of a fillet weld but to the
half radius for the root fillet of a rolled section.
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subject Beam +o columr connechor] Chapter Ref.
Structural — BRolted end plate 12
Steelwork Design Code Bs 545e 21 éa:::;;h;teNo.(:/z
: Calc. b D Check b
Connections  [“5% |°Rqe7 | Wb [N 7
Code Ref. Calculations Output
: i Dl's‘l'r%buﬁén of load,
11 ITry bollF spacing in sketch.
1 ;d o S Flange
uuuuuuuu * 4.9.’3 x 10% + 22, x 2937
‘‘‘‘‘‘ = (2F+ 2R) % $9]-3 + 2F x 3618 +2Fx €18
I I L= _?_Fx_ . . .
BEN Se7- 3[2x 8737 + 36987+ (18 ]
U] Re R =ISI7 KN
e s b Fye 363 8 xF, =9s-S kN
mpebed 4F}+= ._é__qsxF'::IS’okN
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~: K CaHSLcl agrhcn of end plate akbeve tep
oL lan e ( wte |Omm Liller welcls‘f"c:
L qunﬂe_ and 275 mm wide end plate)
; | Distanea Frewm cenbe line of bolt o toe
dog oP Fdlek we,Lol b bo»—la SO mm
bt :
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Commentary: 6/3
Section 7.7.2

a+ 1.4b =60 + 1.4 X 50 = 130mm >} x pitch

of 130 mm
and > edge distance
of 72.5mm
therefore ; x 130 + 72.5 = 137.5mm governs w

Q5
n < Ma =Q,
i «———Q+F Ma —
— »2F Mg = gb where M, = My
-—1—0+F Ma
o,

Section 5.3.2

Although the bolts have been set out to enable
power tools to be used to preload the bolts, the bolts
have been classified as ‘non-preloaded’ for the
purposes of design (i.e. B = 2 is used in the formulae
for n and Q). To justify this, it has been assumed
that the joint is part of a structure where it is
unlikely that more than a small number of joints
would be overloaded and that if the overloading did
occur the loss of stiffness would be acceptable.
Taking p = 2 instead of = 1 (as a preloaded bolt) is
‘beneficial” as far as the design is concerned, in that
it leads to a lower prying force (Q).

Where the connection is subject to dynamic
loading or fatigue, or where shear is to be taken by
friction, the bolts should be preloaded and B = |
should be used in the formulae. The bolts are
designed for the bolt load, including the prying
force, regardless of whether the bolts are designed
as ordinary bolts or “friction grip fasteners’. The
procedure in BS 5950: Part 1, Clause 6.3.6, where
prying action is ignored, is not used as it could lead
to an unsafe connection, when used in conjunction
with double-curvature bending of the end plate.

The tension capacity for design using factored
loads is taken as

Yidoo N 0.7UA,
1.1y, 1.1ym

The above formula for tension capacity (from BS
5400: Part 3: 1982, clause 14.5.3.2) is adopted so
that the design procedure is in general compliance
with current codes. For bridges y,, = 1.2, but for
building structures may be taken as 1.0. For general
grade HSFG bolts, 0.7 UA/1.1 is virtually the same
as 0.9 P,, the tension capacity in BS 5950: Part 1,
clause 6.4.4.2, :

Since the prying force is greater than 10% of the
applied load (F), there is no need to check the bolts
for compliance with Clause 6.3.6.
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subject Beam 1o colomn cemniechaor) Chapter Ref.
Structural — Bolted end plote 12,
Steelwork Design Code g5 5950 Rast | s"fi':,,e:{:’ L3
Connections  |“%% . ("% s1 |"000. %, @
Code Ref. Calculations Output
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Commentary: 6/4

The redesign, using M24 instead of M30 bolts, is
used to illustrate how the bolt load can be reduced
by using a thicker end plate. If the M30 bolts had
been retained it may have been necessary to
increase the bolt distance from the flange (and web)
to 70mm to provide clearance for larger power
tools.

Section 5.3.2

The formulae for the maximum distance from the
bolt to the prying force (equation (5.21)):

n=11T . [PR0
Py
and for the minimum prying force
0= ﬁ F BypowT*
2n 27nb?

are aimed at limiting the strain of the bolts to avoid
loosening or breakage.

In the formula for n, p, = design strength for the
plate material. It is worth noting that a lower value
can be used in the formula provided that the same
value is used for the design of the plate. This means
that if the plate is ‘overstrong’ p, could be reduced;
n would be increased; the prying force (Q) would be
reduced; and the design load for the bolt would be
reduced.
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Subject Beanm T column ceovinechdr] Chapter Ref.
Structural = Bolted end plate . 12.
Design Code ) Calc. Sheet No.
Steelwork o BS S9So Part | Ecample b/t
Connections  |“¢D. ("o s7. |00 %%, 7
Code Ref. Calculations QOutput
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Commentary: 6/5
Section 8.3

When checking the combined shear and tension the
ratio of applied tension to tension capacity has been
taken as 1.0, as assumed in the calculations. In fact,
the minimum prying force of 25.9kN could have
been used in checking the plate thickness, and the
ratio could have been reduced to (151.7 +
25.9)/185.8 = 0.96 if necessary.

The effective length of the weld is the flange
width, There is no deduction for end craters since
the weld is returned around the edges of the flange.
The same weld size is used on the underside of the
flange, although some of the bolt load is carried by
the web.
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Subject Beam to Column Connection| Chapter Ref.
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Structural —Bolted end plate
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Commentary: 6/6
Section 7.7.4

The factor of 0.7 used in determining the effective
lengths of the plates allows for the formation of fan
yield lines at the corners. For the design of the
welds, which have limited ductility, the greater of
the loads from a plastic distribution (where the bolt
load is distributed in proportion to w/b) and an
elastic distribution (where the bolt load is distri-
buted in proportion to w/b®) is taken. In this case,
where the dimensions associated with the flange and
the web are nearly the same, a short cut is taken.
(The full procedure discussed above is illustrated in
the design of the column stiffener welds.)

The load is assumed to be applied to the weld and
web on the line of the bolt. The effective length of
weld and web is taken as the lesser of 2 X (3 bolt
pitch) or 2b,. Taking only the length of weld that is
equally balanced about the load as being effective is
a quick and economic way of designing line welds
with an eccentrically applied load.

(See notes on commentary to Example 1/7 of
Chapter 14 for additional limitation of effective
length of weld 3 2 (b, + d).)
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Subject Beam 4o colomn asnnedhon Cﬁapter Ref.

StrUCtUI’a| — RBalted end plate 12
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Commentary: 6/7
Section 5.3.2

The formula for n which is used to ensure that the
bolts do not work loose governs the position of the
prying force in this example.

Section 7.7.2

20 + 14b) = 2(1.7 x 49.6 + 1.4 x 49.6) =
307.5mm > pitch of 150mm. Therefore, pitch of
bolts governs in determining w. (Note: Limit of a
1.7b applied in formula.)

Moment capacity = P/1.15 X plastic modulus,

If M30 or M27 general grade HSFG bolts had been
used column stiffeners would not be required at the
level of the tension flange of the beam. Retaining
the M24 bolts in the example allows the design of
tension stiffeners and the effect of longitudinal
flange stresses to be illustrated.
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Structural = Bolfed end plate 5
Steelwor k Design Code gg gqSo Past! g;f::;;ob I

Subject Pearm 12 calomn connechon

Chapter Ref.
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Commentary: 6/8

A longitudinal stress in the column flange of
120N/mm? has been assumed for the example. In
practice, the stress would be calculated from the
axial load and moment. The flange stress due to the
moment should be calculated using the elastic
modulus.

Section 7.7.6

The plastic moment capacity of a flat plate with an
axial load

,,2 wT?
rfo-5)E
p 4

¥y
= uMp

where f, = average stress in the plate due to axial
load (in the absence of bending). Note that in the
case of a beam or column f, is the stress in the flange
due to axial load and bending moment on the
member.

Where w is a transverse dimension (of the column
flange) it is multiplied by the factor u, when
calculating the plastic distribution of load. w as a
longitudinal dimension is assumed not to be
affected.
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Subject Ream +o column connechor

Chapter Ref.

Code Ref.

Structural — Bolbed end plate 12

Steelwork Desan Code B 5950 Pout- | e L[ 8

Connections  |“i3. |"%..er |T0 |, o7
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Commentary: 6/9

As explained above, the moment capacity of
transverse yield lines is multiplied by the factor u to
allow for longitudinal loads.

The corner detail (a plate loaded by the bolt and
supported on two adjacent sides by the stiffener and
the web) is being analysed as two separate plates,
one supported at the stiffener and one at the web.
The load has been split into F, and F,, and the
corresponding minimum prying forces Q, and Q,
have been calculated. Whereas the total applied
load (F) = F, + Fy, the total prying force (Q) is not
necessarily equal to O, + Q,. The reason for this is
that a prying force located diagonally from the bolt
could act as Q, and Q,. The general rule would be to
take Q) equal to the greatest of Q, or Q, or (O« + O,
= PyT2/2). The third requirement is necessary
because the value of the prying force that can be
located diagonally is limited by the possibility of the
formation of a local yield line.

Tension capacity = p wr.

Effective width (w) = lesser of 2b, and bolt pitch.
Tension capacity adjacent to other bolts is adequate
by inspection.
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subject Beam 4o column connechan| chapter Ref.
Structural — RBolted end plate 12
Steelwork PoinCodt B3 gaso ot | Beomple &/3
H Cale. b Ch b
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Commentary: 6/10

The load is assumed to be applied to the stiffener
and the welds on the line of the bolt. Only the length
of stiffener that is balanced about the bolt line is
used for the design. (See commentary on Example
6/6 of this chapter.)

Section 7.7.4

The stiffener design is based on the ‘plastic
distribution’ of load because the stiffener material is
assumed to have reasonable ductility. The fillet
welds, which have limited ductility, are designed
using the greater of the loads from the plastic and
elastic distributions. As well as 15 mm for the snipe,
a further 6 mm has been deducted to allow for the
end crater of a 6 mm fillet weld.

The weld on the underside of the stiffener is being
designed to carry the portion of load (F,) from bolt
load F,. The weld on the topside will carry the
portion of bolt load F;.

Effective length of weld = (Distance between
inside of flanges) — (Snipes) — (Allowance for end
craters).
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subject Beam 4o calomn coen necheon| Chapter Ref.
Structural — Bolted end plate 12
Steelwork eson Cod¢. B3 5950 Ponst | r%i';fl‘f;‘n?‘e/.o
Connections | “3%. |"Hq«1 |“FEo %o, 77
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Commentary: 6/11

A longitudinal stress in the column flange of
240N/mm?” has been assumed for the example. In
practice, the stress would be calculated from the
axial load and moment. The flange stress due to the
moment should be calculated using the elastic
modulus.

Bearing is checked on length of column web
= (Beam flange thickness) + (45° dispersion
through end plate)
+ (Dispersion through the flange and root radius
at a slope of 1:2.5Vu to the plane of the flange).

Analysis of the effect of a lateral load on the flange
of a column indicates that the slope of 1:2.5 should
be modified by a factor of Vju to allow for the effect
of longitudinal loads in the flange.

fﬁ)
= ] —_——
’ ( r;

Section 7.7.6

The buckling resistance of the stiffeners is based on
the compressive strength of a strut, the effective
section of which is based on the full area of the
stiffeners together with an effective length of web on
each side of the centreline of the stiffeners limited to
twenty times the web thickness.

The stiffeners are assumed to be fitted to the
loaded flange and nominal 6 mm fillet welds are
adequate. The 6mm fillet welds connecting the
stiffeners to the web have a capacity greater than the
total applied load (F.). If necessary, it would be
reasonable to take some of the applied load directly
into the column through the stiff portion of the
bearing (i.e. assuming a dispersion of 45° through
the end plate and flange).
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Commentary: 6/12
Section 12.4.3

For columns with moment capacity connections to
only one of the flanges (for example, external
columns) it is quite likely to be found that the
column web is overstressed by the high shear that
occurs over the depth of the beam. If the web is
overstressed, the column could be strengthened by a
diagonal stiffener or possibly by plating the web.
When the web is to be strengthened, check that
there is still adequate clearance for installation and
tightening of the bolts and that reasonable connec-
tions can be detailed for beams and ties connected to
the column on the minor axis.
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Subject Penym 4o column Covintechion | Chapter Ref.

Structural — Bolted end plate 12
Steelwork Design Code 55 5"15'0 Post | Csa:ﬁ;e'teNoél'z
Connections  |“53. (%07 |“9L80 |

Code Ref. Calculations Output
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13

Beam-to-beam connections

13.1 Grillage connections

The structural requirements for grillage connections
are similar to those for beam-to-column connec-
tions. These are related to the assumptions made in
overall analysis, which in turn are a function of the
connection type. Thus simple connections are only
required to transmit shear from the secondary to the
primary beams. Rigid connections are required both
to transmit shear from the secondary to the primary
beams and also to provide moment continuity
between the two secondary beams that meet at the
connection. Because of its torsional flexibility, the
moment that is transferred into the primary beam as
a torsion can usually be ignored.

Because of the similarity of structural action
design of the beam, end connection is similar for
both beam-to-column and grillage connections. To
avoid repetition, this aspect of design is not
discussed here and the designer of grillage connec-
tions should study the relevant sections of Chapter
12. In what follows discussion is limited to particular
aspects of grillage connections.

13.1.1 Simple grillage connections

Figure 13.1 illustrates the common types of simple
grillage connection. Either web cleats or flexible end
plates are used, because the main girder web is
usually too weak to support any form of seating
bracket without extensive stiffening. It is frequent
practice to position secondary beams on a common
line. This means that the bolts through the main
girder web are in double shear, but it can lead to
erection difficulties. The first beam will have to be
propped in some way until after the second beam is
placed and the bolts have been inserted. One
solution is to provide additional bolts to support the
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first beamn, shown as the left-hand beam in all the
examples in Figure 13.1.

Where end plates are used, the resulting inflex-
ibility of beam length can lead to erection difficulties
if the main girders will not flex laterally to permit
the beam to be swung into position. The problem is
greatest with short secondary beams where the
corner-to-corner dimension is markedly greater than
the beam length. This can be overcome by
shortening the secondary beam and welding a pack
plate onto one of the main beams. This permits the
secondary beam to be swung in and aligned parallel
to its final position before being slid into place. The
pack plate should be attached to the main beam web
with sufficient weld for it to be able to carry all the
beam shear, otherwise the bolts could be subject to
unacceptable bending moments.

Where the secondary beams may be set to a lower
top flange level than the primary ones there will be
no interference between flanges. However, if the
top flanges are required to be coplanar it will be
necessary to notch the secondary beams, as shown in
Figures 13.1(c) and (d). This raises two potential
problems. If web cleats are used with bolts at
minimum pitch a local tearout or ‘shear block’
failure may occur in the beam web; appropriate
design procedures are discussed in Section 7.3.3. In
addition, the loss of the top flange will reduce both
bending strength and robustness.

Where major and minor beams are of the same
depth it is necessary to notch out both flanges, as
shown in Figure 13.2. Design procedures for both
singly and doubly notched beams are discussed in
Section 13.3.

13.1.2 Moment-resisting grillage connections
Figure 13.3 shows typical ‘rigid’ grillage connec-
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Figure 13.1 Simple beam-to-beam grillage connections

tions. Where the secondary beams may be set below
the top flange of the primary ones the most
economic connection is likely to utilize end plates.
As with simple connections, use of a pack plate is
recommended for short, wide secondary beams to
ease erection.

If coplanar top flanges are required then the
combined splice-plate/end-plate connection shown
in Figure 13.3(b) must be used. As with other splice
plate moment connections, HSFG bolts must be
utilized if local rotation is to be avoided.

13.1.3 Notches in secondary beams

It is possible to carry out straightforward calcula-
tions to check the residual capacity of a notched
beam. Assuming no connection fixity, the moment
Q,l,, on section XX in Figure 13.4 must be resisted
by a Tee section consisting of the web and bottom
flange for a single-notched beam or the web alone

Figure 13.2 Grillage connection between beams of similar
depth

13.1 Grillage connections 245

(d)

for a double-notched one. The top fibre stress
should be less than the limiting compressive stress;
this is generally based on the slenderness 1.5//(t./
V12) for local buckling of the unrestrained web,
where t,, is web thickness. The effective length is
taken as 1.5 I, where there is possible out-of-plane

——— —
(b)

Figure 13.3 Moment-resisting grillage connc. tions
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In L /o
A

—

Figure 13.4 Notch reinforcement details

movement of the end of the notch. Where such
movement is prevented, an effective length of 0.7 /,
may be adopted.

If section XX is inadequate then stiffener(s) must
be provided as shown. Even if there is no overstress,
careful consideration should be given to providing
stiffening to maintain the robustness of the element.
If there is any possibility of:

1. Lateral loading to the beam during erection or
service life;

2. Thermal effects imposing overall compression on
the beam;

3. Torsion in the main girder increasing the
moments on the critical section above the
calculated value,

then stiffening should be provided.

The stiffening need only be provided to one face
of the web. As with intermediate web stiffeners, it
may be curtailed by 3 X 1, from the end plate.
Although not necessary to resist local buckling, it
will improve robustness if it can have an appreciable
overlap [y with the flange: ideally, /, should not be
less than [,. If provided to overcome an overstress
the stiffener size may be optimized by calculation,

:rwﬁﬁ

{a) (b)

based on its enhancement to the critical section. If it
is to improve robustness it should have a section that
is similar to a single-flange outstand.

13.2 Cross-girder/main girder
connections

In addition to transferring moment between cross-
girders and/or shear into the main girder these
connections in bridge structures are usually required
to provide lateral-torsional restraint to the main
girders. If the cross-girders are at the bottom of the
main ones, in some form of through-bridge, this
restraint will be required in sagging moment
regions. If they are located at the top of the main
girders, as in a typical deck bridge, this restraint will
be required in hogging moment regions. It is
common practice to maintain the same connection
throughout the length of the bridge. As can be seen
in Figure 13.5, this restraining function alters the
connection configuration of these beam end connec-
tions. Because the stabilizing restraint is primarily
required for the flanges it is necessary to stiffen the
web in order to provide sufficient stiffness of the
restraint system through to the former elements. As
in the previous section, design of this connection is
very similar to many aspects of beam-to-column
connection design. This section, which only high-
lights special aspects of behaviour, should be read in
conjunction with the earlier part of this chapter.
End-plate connections may be used in conjunc-
tion with Tee-section stiffeners. At external girder
connections, the restraining moment can generally
be developed with a short end plate and no local
stiffening to the main stiffener. At internal girders
the moments are much greater because of the
effective continuity of the cross-girder. Extended
end plates are likely to be necessary, together with
stiffening to the Tee sections. In both situations

| ———— | e———
% R
+ 4 1+ + +[|H+ + +
e 4 & i i+ ++ E%
++ faah k(i
[+ +! 4+t
(e (d)

Figure 13.5 Cross-girder/main girder connections for bridges. (a) and (b) End-plate connections; (c) and

(d) lapped connections



design procedures are very similar to those for
end-plate beam-to-column connections. Note,
however, that the greater concern over corrosion in
bridges compared to most building structures does
have an important influence on workmanship
standards for this form of connection. Most bridge
specifications will require continuous contact over
mating surfaces. This is difficult and costly to
achieve in the presence of eccentric welding to the
end plate and Tee-section flange.

For this reason, many bridge engineers prefer the
lapped connections shown in Figures 13.5(c) and
(d). If channel section cross-girders are used it is
possible to develop the full section capacity. If UB
or UC sections are employed the flange outstands
on one side will have to be cut back for the overlaps.
At external girders the required moment capacity
can be developed by lapping the cross-girder onto a
conventional single-sided stiffener (though this
should not be treated as a conventional intermediate
stiffener but should be welded to the compression
flange). At internal girders larger bolt groups will
generally be required to carry the combined
continuity and restraint moments. Concern over
through-thickness tensile loading on the main girder
web may lead to the arrangement shown where the
main ‘gusset plate’ is threaded through a slot in the
web. A conventional web stiffener can then be
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welded to the top of this plate to restrain the top
flange.

As referred to in Section 6.5.1, considerations of
fatigue have an influence on the design of such
connections. At external connections the main
girder can generally rotate and take up the end slope
of the cross-girder in the middle of the span.
However, near supports to the main girders these
rotations are restrained, and there will be additional
moments in the connections. At internal connec-
tions there will be large fluctuations in continuity
moments as loading varies across the width of the
bridge. Such action should, of course, be predicted
by an appropriate grillage analysis. Where cross-
girders are only used to provide torsional restraint to
the main girders, some designers now only brace
alternative spaces between girders to minimize
transverse bending stiffness. _

Note also that, where end-plate connections are
used in fatigue situations, the usual simplifying
assumption for the distribution of bending stresses
cannot be made, nor can any plastic analysis be used
for the design of the end plate.

Reference

1. Engineering for Steel Construction, AISC, 1984.
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Commentary: 1/1

The supported beams are on the same grid line, and
the same bolts are needed to connect both beams to
the supporting beam. The arrangement used, for the
bolts and cleats, is suitable where the larger
(left-hand) beam is erected before the smaller one.
The larger beam can be held in position by the
bottom pair of bolts while the smaller one is erected.
If the smaller beam is to be erected first, an
arrangement is required so that it can be supported
until the larger one is erected (for example, by an
erection/seating cleat, or by rearranging the bolts
and cleats). 120mm cross-centres are used so that
the local distortion of the cleats can accommodate
part of the end rotations of the simply supported
beams.

A reasonably full set of calculations is given to
illustrate the design procedure. In practice, in this
and other design examples the amount of calculation
required can be reduced by the use of tables and
shear and bearing capacities of bolts.
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Commentary: 1/2

Shear capacity of bolt in single shear = pA,
Bearing capacity of web = Py dt

Note that for a simple vertical shear and an end
distance of 39 mm the bearing capacity of the web
would be limited to }pet (since e < 2d). However,
the end distance in the direction of the resultant
shear force is greater than 2d and the bearing based
on the bolt diameter governs.

Section 8.2.2

Horizontal shear force on bolt due to moment due
to eccentricity

Pxexri

=V, = ==

57
. Py
Vertical shear force per bolt = V, = —
n

Resultant shear force = V/(V2, + V2)

For the larger reaction the eccentricity of the load
has been taken as the distance from the bolt line to
the centre of the supporting web. The bolt capacity
is the least of the bolt capacity in double shear, the
bearing capacity of the bolt on the web or the cleats,
of the web (which governs here) or of the cleats.

In traditional design the effect of eccentricity is
ignored when designing the bolts connecting the
cleats to the supporting beam. However, with the
lower safety factors adopted in current design codes
it would be prudent to allow for the effect of
eccentricity.

In this example the increase in resultant shear
force due to the eccentricity is only 10%; but for the
shorter connection on the right-hand beam it is
17%.
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252 Beam-to-beam connections
Commentary: 1/3

An assessment of the maximum horizontal shear
force on the bolts has been made by assuming a
compressive reaction between the cleats (25mm
from the top of the cleats) and by assuming that the
horizontal loads on the bolts are proportional to the
vertical distances from this point.

Hence, horizontal shear force on bottom bolt

V. Rx X fi

= m = e -

2 >r
R

Vertical shear force = V, = —
2n

(there are n bolts per cleat)
Resultant shear force = V(VZ, + V3)

The design procedure for the right-hand beam is
similar to that adopted for the left-hand one. The
one variation is in the eccentricity used to calculate
the horizontal shear force on the bolts connecting
the cleats to the supported beam.

For the smaller reaction, the eccentricity of the
load has been taken as the distance from the bolt
line to the face of the supporting web, instead of the
distance to the centreline of the web. It is assumed
that the difference is balanced by the larger reaction
from the left-hand beam.
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254 Beam-ito-beam connections

Commentary: 1/4

For the left-hand beam, the horizontal shear force
was calculated to be 30.9kN. The horizontal shear
force on the bolt in the third row is proportional to
its distance from the assumed centre of pressure
(rotation):

r3

Via = Ve X —
L
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256 Beam-to-beam connections

Commentary: 1/5

The beams are checked at the end of the notch (the
part cut away to clear the top flange of the
supporting beam) for shear and bending capacity.

Shear capacity = 0.6p,A,
where the shear area = A, = 0.9¢D
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Commentary: 1/6
Section 13.1.3

The compressive strength of the web has been
checked at the notch, assuming an effective length
of 1.5L (where L has been taken as the distance
from the bolt line to the end of the notch). This
effective length assumes that there is no restraint to
out-of-plane movement of the top flange of the
beam.

Radius of gyration = V12

For an initial check, the moment capacity is
calculated ignoring the outstand flanges (Z = rD%/6)

Moment capacity = p.Z

The moment capacity, ignoring the outstand
flanges, is adequate for the left-hand beam and
nearly adequate for the right-hand beam and there is
no need to calculate the modulus of the Tee-section.
(For the left-hand beam the modulus of the
Tee-section is 49% greater than the modulus of the
flat plate. For the right-hand beam it is 55%
greater.)

As before, the eccentricity assumed in calculating
the moment is taken from the centreline of the web
for the left-hand beam and the face of the web for
the right-hand one.

|

+ +
olF—--%-+-—+

Section 13.1.1: Figure 7.7

When checking the beam web for failure at the bolt
holes, two possibilities are considered:

1. Shear failure through the bolt holes on line
A-B-D;

2. Shear failure on line A-B combined with tensile
failure on ling B-C. This is usually referred to as
‘block shear’ failure. A triangular distribution is
assumed for the tensile stress.

In this example the block shear failure is the more
critical of the two possibilities.

Note that for flat plates and coped beams the
effective area (A.) should be used in the design,
whereas for beams without copes the bolt holes are
ignored when calculating the shear capacity.

Block shear capacity = shear capacity of A-B

+ tensile capacity of B~C
assuming a triangular stress
distribution

= (.6 Py X 0~9Ac(AB)

+ O-SPyAc(BC)

From BS 5950: Part 1, 1985, Clause 3.3.3;
A, = K, (net area) but $ (gross area)

1.2 for Grade 43

U,
K.=075—3%12
Y, 1.1 for Grade 50

K,
K.
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Portal frame connections

14.1 Introduction
14.1.1 Practical optimization

The industrial building sector is both the largest and
the most competitive part of the structural steelwork
market. In the UK, portal frame structures are the
most popular structural form, being used for 40% of
all steel structures in this sector. Design conditions
probably vary less in this type of steelwork than in
any other design situation. Frame span and building
height remain variable but frame spacings will
usually be within the limits of 4,5 to 7,5m,
environmental loadings are almost constant and
crane loadings, if any, will generally be standardized
for various capacities.

Because of the scale of the market, its competi-
tiveness and the narrow range of design conditions,
there has been more practical optimization of
connections in portal frame structures than in any
other type of structural steelwork. This optimization
has been assisted by the widespread use of ‘design
and construct’ contracts, where the designer becom-
es closely involved with the practicalities of econo-
mic fabrication. There is also a tradition of
structural tesing to prove designs in this section
which has further helped the optimization process.
Thus even designers who do not work in this field
can benefit considerably from studying the detailed
work that has evolved.

14.1.2 Connection location

Originally, site connections were at or near the
points of contraflexure in the rafters. However, this
led to difficulties with both transportation and
erection, so at an early stage in frame development
connections moved to the eaves and apex positions.

260

14.1.3 Design context

In order to have a proper understanding of portal
frame connection design it is necessary to appreciate
the design context for the frames themselves.
Originally, frames were designed by elastic analysis;
Figure 14.1(a) shows a typical distribution of
moments. The critical moment generally occurred at
the eaves, and because of this, both columns and

M. //\ M.

(a)

Mp»col

Mp—col

Mp-rsner

(c)

M.

(d}

Figure 14.1 Design philosophies for portal frames. (a)
Elastic analysis (prismatic frame); (b) plastic analysis
(prismatic frame); (c) plastic analysis (non-prismatic
frame); (d) elastic analysis (non-prismatic fabricated
frame)




rafters had to be of the same section. This
configuration did not lead to economy because of
the inefficiency of the rafters, which were only
stressed to their capacity at the eaves position. In
order to improve economy, plastic analysis was
introduced, giving the redistribution of moments
shown in Figure 14.5(b). Because redistribution was
permitted it was possible to make better use of the
rafter capacity near the frame apex. A plastically
designed, prismatic frame would generally be of
lighter weight than its elastically designed equiva-
lent. However, difficulty was experienced in produc-
ing sound connection designs at the eaves because of
the requirement for rotation capacity at that point.
This led to the introduction of haunches, as shown in
Figure 14.1(c), and had the added benefit of
enabling non-prismatic frames to be designed with
rafter sections that were lighter than the columns.
This led to further economy, particularly for
buildings of low aspect ratio.

The above discussion relates to frames from rolled
sections. However, fabricated, tapered sections
have also been used for portal frames. Here
structural efficiency is achieved, not by redistribu-
tion but by fitting the strength envelope as closely as
possible to the elastic moment envelope, as shown in
Figure 14.1(d). This form of construction had
declined in popularity because of the high costs of
manual fabrication. However, recent advances in
automatic fabrication have led to a resurgence of
this type of frame.

14.2 Eaves connections
14.2.1 General behaviour

Before looking at types of eaves connection in detail
it is important to examine the primary modes of
behaviour of a typical connection. Generally,
moments will predominate; Figure 14.2 shows the
two principal ways in which moments are transmit-
ted around the corner. In both cases it is helpful to
replace the moments by pairs of forces in each
element, i.e. tensile and compressive forces in the
flanges of the beam and of the column. In the
absence of a diagonal stiffener these pairs of forces
achieve equilibrium solely by shear on the corner
panel, as shown in Figure 14.2(a). If a diagonal
stiffener is added then overall equilibrium may be
achieved by the system of forces shown in Figure
14.2(b). In practice, in the presence of a diagonal
stiffener, overall equilibrium is obtained by a
combination of both modes of behaviour. This is a
very good example of the sort of indeterminacy of
structural action that was referred to in Chapter 1.
In general, designers will not be able to resolve this
indeterminacy and should design accordingly.
Either they should make one or other force path
sufficiently strong to carry all the moment, or, if
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™~

~—
{b)

Figure 14.2 Moment transmission at eaves. (a) Corner
shear panel; (b) diagonal stiffener

they partition the forces between the two modes,
they must ensure that all the elements concerned
can behave in a ductile way, thus permitting any
redistribution that may be necessary.

14.2.2 Welded connections

Site welding is very rare in industrial building
construction. However, it may sometimes be possi-
ble to have a welded eaves connection which is
completed in the fabrication shop and to have
simple bolted site connections near to the points of
contraflexure under symmetric loading in the
rafters.

The most efficient form of welded eaves connec-
tion is that shown in Figure 14.3(a) with a diagonal
stiffening element. If this element is only required to
have a thickness of 10-15 mm then it should take the
form of a division plate; the crucial tension flange
weld should have the butt weld configuration shown
in Figure 14.3(b). If a division plate with sound
through-thickness properties (i.e. one where there is
no possibility of lamellar tearing) is used then it is
possible to adopt the weld configuration shown in
Figure 14.3(c). In this instance the detail is suitable
for use with division plates of any thickness. Above
15mm and without appropriate material for a
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Detail X

(a}

{b}

(d)

Figure 14.3 Welded eaves connections. (a) General arrangement; (b) dctail X with
curtailed division plate; (c) detail X with long division plate; (d) detail X with butt
welds connecting main sections and subsequently fitted stiffencr

division plate the welding detail shown in Figure
14.3(d) should be adopted, where the butt joint is
carried out first and stiffeners are subsequently
added. Use of the configuration shown in Figure
14.3(b) with thick division plates would result in an
excessive volume of weld metal; this would be
uneconomic and could create problems of distor-
tion.

14.2.3 Splice plate bolted joints

Figure 14.4 shows two types of eaves connection
that make use of splice plates. Because of the
requirement for connection rigidity that arises from
the overall frame action, such connections have to
be made using HSFG bolts. For this reason, these
connections are usually expensive and are now
rarely used. Care must be taken to ensure that the
rafter is not trapped between clements that are
welded to the column in order to avoid difficulties
with erection. If a bottom splice plate or erection
cleat is used then the top splice plate has to be
separated from the column, as shown in Figure
14.4(a). This increases the number of bolts and
generally makes the connection correspondingly
more expensive. The more economical version of
this connection is that shown in Figure 14.4(b).

It is customary to provide a column web stiffener
to resist the rafter bottom flange compression. This
may be horizontal, as shown in Figure 14.4(a), if the

(a)

—"

(b)
Figure 14.4 Bolted eaves connections with splice plates




column web has sufficient capacity to resist the shear
above such a stiffener. Alternatively, a diagonal
stiffener may be provided, as shown in Figure
14.4(b).

14.2.4 End-plate connection without
haunches

Figure 14.5 shows the various forms of end-plate
eaves connections that can be used when the frame
is not haunched. Examples (a) and (b) have a
vertical plane of connection, but similar connections
would result with a horizontal joint and continuity
given to the rafter rather than the column. The
vertical plane of connection is generally preferred
because it can equally well be used for multi- or
single-bay frames, thus permitting greater standard-
ization.

The short end plate shown in Figure 14.5(a) has
the advantage that a smooth top profile to the frame
is obtained. However, because the bolts are
operating at a shorter lever arm than the rafter
depth it is not possible to develop the full section
capacity with this form of connection for rolled
sections which have relatively heavy flanges. It is

{a)

4,
o

ic)

Figure 14.5 Bolted eaves connections with end plates
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still difficult with minimum-weight fabricated sec-
tions which generally have much lighter flanges.

The long end-plate connection of Figure 14.5(b) is
much more robust. It is frequently possible to
accommodate this extended rafter end plate and
extended column within the depth of the purlins
without interference to the roof support. In such a
case the eaves beam then has to be supported off the
face of the column.

Figures 14.5(c) and (d) show the short and
extended end-plate connections which have a
diagonal plane of connection. Superficially, these
appear to be very economical connections: the end
plates also act as diagonal stiffeners and no other
stiffening is required. However, note that there are
particular problems with the stability of the inside
corner of this connection, as discussed in Section
14.4. Stabilizing bracing will always be necessary to
that inside corner, and this can create severe
problems because there is usually no convenient
purlin or side rail from which to brace. In addition,
it is thought that such connections may cause
difficulties with erection. Not many erectors are able
to think clearly about three-dimensional geometry
in non-orthogonal terms! For these two reasons,

R
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these connections are not popular, despite their
apparent simplicity and economy. If they are used it
should be noted that, because of the greater lever
arm that arises with the diagonal cut, it is usually
possible to develop the full strength of the sections
with the short end-plate connection of Figure
14.5(c). It is therefore rarely necessary to extend the
end plate in the way shown in Figure 14.5(d).

For all these end-plate connections it is the
moment, and in particular the associated tensile
forces, that create the greatest design difficulty.
However, the following points should be noted:

1. Column web stiffening will generally be provided
at the point where the rafter bottom flange bears
against the column. As discussed in the previous
section, this may be diagonal or horizontal.

2. In extended end-plate connections, separate
bolts should be provided to transmit the shear
across the joint. Where these bolts are a
significant distance from the centre of rotation,
they will inevitably attract tensile load; in such
circumstances it is essential to ensure that the end
plate is attached to the web with adequate welds,
as discussed in the commentary to Example 12.4.

3. Irrespective of any requirement for shear bolts, it
is essential that a pair of bolts be provided near
the bottom of the end plate in order to ensure
that the compressive parts of the connection are
pulled up into proper bearing contact.

4. The bolts closest to the outside flange must be so
positioned that they may readily be inserted and
tightened.

Stiffeners X
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Figure 14.6 A popular eaves connection for plastically
designed portal frames

14.2.5 End-plate connections with
haunches'

Figure 14.6 shows a typical end-plate eaves connec-
tion for a haunched portal frame. It is generally
found that the greatest economy of overall frame
design is achieved with a haunch length of
approximately one-tenth of the span. This ensures a
substantial reduction in rafter weight but enables the
haunch section to be cut from the same section as
the rafter. X

Because of the greater depth available, it is
possible to be more flexible with the load paths
through the connection. The main tension bolts are
moved down the connection as shown, transferring
the tension force from the line of the rafter flange
into the upper region of the rafter and column webs.
This usually means that all tension stiffening to the
web can be avoided because of the greater vertical
spread of tension in both the column and rafter
webs. However, small stiffeners (X) may be
necessary to increase the flexural capacity of the
column flanges under the local bolt loads, particu-
larly if the column is a light rolling.

The compression load path is assigned to the level
of the bottom flange of the haunch. As in the
previous section, a pair of bolts is provided to
prevent springing of this point. A stiffener is usually
attached to the column web, and it is certainly
required if a plastic hinge may form at that point in
the column. In the same way, if a hinge may form in
the rafter at the end of the haunch, a stiffener (Y)

Stiffeners ¥



should be provided to resist the local loads on the
already plastic section.

Figure 14.7 illustrates various stiffening arrange-
ments for the corner panel which is subject to high
shear forces from the moment rotation at the corner
that was discussed in Section 14.2.1. A diagonal,
tension stiffener (called a Morris stiffener) may be
used and this can combine the function of column
flange stiffening with web shear stiffening. Full-
strength tension welds are required at both ends and
it must be used in conjunction with the fitted
horizontal compressive stiffener that is shown.
While its satisfactory behaviour has been demon-
strated by tests for rolled section frames of
conventional proportions, it should be used with
caution in situations where the effective lever arm
(i.e. the distance between the diagonal stiffener and
the compressive line of action at the base of the
haunch) is significantly less than the column depth.
The necessity for maintaining an adequate lever arm
around the connection is best demonstrated by
considering the stiffening arrangement shown in
Figure 14.7(b) for lightweight fabricated sections.’
Although the slender web panel (with d/t perhaps
approaching 200, where d is the panel depth and ¢ is
its thickness) may seem to be adequate when
checked by traditional design methods, it is neces-
sary to recall that these design approaches rely on a
‘tension field’ mode of shear resistance. Because of
its slenderness, this panel is not acting as a
conventional shear panel but is resisting the load by
the diagonal band of tension shown, in conjunction
with the compressive forces necessary for equilib-
rium in the horizontal stiffener and vertical column
flange and rafter end plate. The lever arm between
the tension and compressive forces is thus less than
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that of the rafter or column within the connection.
This reduction in lever arm leads to a local increase
in compressive force at the inside corner of the
connection, which can result in premature failure of
that part of the connection. With a slender corner
web panel (say, with d/t of more than 120) where
significant tension field action can be expected, the
stiffening arrangement shown in Figure 14.7(c) is to
be preferred. By providing a compressive diagonal
stiffener the tension load path is pushed out away
from the inside corner of the connection and a
satisfactory lever arm is achieved throughout.

For frames of conventional proportions, no
special consideration is necessary for the detailed
design of the haunch other than aspects of lateral
stability which are beyond the scope of this text.
Economy of bolting leads naturally to the use of the
greatest depth of haunch that can be obtained from
a cutting of the main rafter section. The moment
gradient in the rafter ensures that the haunch will
have a considerable length, usually of the order of
10% of the frame span. Continuous welds should
always be used between the haunch web and both
the main rafter and the end plate in order to avoid
any local instability. With conventional proportions
continuous welds of minimum size will achieve
satisfactory connections between the haunch and
rafter. Section 12.4.2 discusses the design of
haunches of unusual proportions in the context of
the short, steep haunches that may be used for rigid
beam-to-column connections.

14.3 Apex connections

It is possible to have the same categorization of apex
connections as eaves connections.

A

(a}

Figure 14.7 Stiffening arrangements for eaves connections.

(a) Morris stiffeners for haunched connection; (b)
horizontal stiffener for fabricated sections; (c) diagonal
stiffener for fabricated sections

{b} (c)
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(b) (c)

(d)

Figure 14.8 Welded apex connections. (a) General
arrangement; (b)-(d) different approaches to the tension
flange connection

14.3.1 Butt-welded connections

Figure 14.8 shows the various types of butt- and
fillet-welded apex connections. These are subject to
broadly the same considerations as eaves connec-
tions, particularly with regard to the crucial tension
flange weld.

14.3.2 Splice plate bolted joints

These connections are not commonly used because
they are generally less economic than end-plate
connections; Figure 14.9 shows the most efficient
type. Because the connection is generally subject to
sagging moments it is necessary to provide haunches
to overcome out-of-plane effects on the tensile
splice plates. On the compressive load path bent
splice plates would be most inefficient because they
would have to be designed for out-of-plane bending;
load transfer should therefore be by bearing.

M»M

T =

Figure 14.9 Bolted apex connection with splice plates.
(This is unlikely to be an economic connection in practice)

(c

Figure 14.10 Bolted apex connections with end plates

14.3.3 End-plate connections

Figure 14.10 shows the basic types of extended
end-plate apex joint. In Figure 14.10(a) the end
plate is simply extended downwards, in Figure
14.10(b) it has a simple gusset reinforcement to the
end-plate extension and in Figure 14.10(c) full
haunches are provided.

The most straightforward connection (a) will
behave satisfactorily if a reasonably conservative
approach is taken to the end-plate thickness, i.e.
that it is designed elastically. However, in plastically
designed portal frames it is becoming increasingly
common to use plastic methods of design for end
plates. This reduces the end-plate thickness to the
same order as the bolt diameter and leads to
connections where local deformations of the end
plate significantly influence bolt force distributions.
In this simple connection this could cause bolts X to
be carrying significantly greater forces than bolts Y,
because the former are loaded by stiffer parts of the
end plate. This can seriously reduce the efficiency of
this type of connection. The solution is either to use
elastic design for the end plates (which will increase
their thickness) or to reinforce the extension to the
end plate, as shown in Figures 4.10(b) and (c). Note




that this is less of a problem for eaves connections
because the column provides additional in-plane
restraint to the end plate.) Where the frame is made
of fabricated sections of variable depth it is possible
to use short end-plate connections, because of the
greater lever arm and correspondingly reduced
tensile forces in such construction.

14.4 Stability in portal frame
connections

All portal frames are made with sections that have a
high ratio of /;:/,. The elements of these frames are
therefore prone to lateral-torsional buckling. There
is reasonable guidance for the provision of stabiliz-

|
— (b}
-
w
4 —-y
i (c)

Figure 14.11 Stability of eaves connections
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ing bracing along the lengths of these members, but
less about the stabilizing of the connections between
these elements.

The apex connection creates the lesser problem
because the compression flange is at the top, and
this is generally stabilized at intervals along its
length by the purlins. However, it should be ensured
that reasonable continuity of stiffness of the
compression flange is achieved through the apex
connection and that the ridge purlins are not more
than 0.5m or so from the connection.

The eaves connection presents a much greater
problem, because the compression flange is on the
inside of the frame and therefore is not stabilized by
the purlin or eaves beam. Three classes of situation
should be recognized:

1. Situations where there is inadequate continuity
of stiffness in any direction through the inside
corner of the connection, as shown in Figure
14.11(a). In this instance, whether elastic or
plastic design is used, a direct restraint to the
inside rafter or column flange must be provided
within 0.5m of the corner (position U).

2. Situations where elastic design is used and where
stability of the inside corner of the connection is
only required up to the point where the
compression flange reaches nominal yield stress.
In these instances continuity of the rafter
compression flange, as in Figure 14.11(b),
through to the tension load path will be sufficient
to ensure stability, and the elements concerned
may be designed on the basis of effective lengths
equal to the distance between the tension flange
and the first braced position of the inside flange.

3. Frames designed plastically where rotation
capacity is required at a hinge position in the
immediate vicinity of the connection. In such
situations direct bracing must be provided close
to the inside corner. If a hinge is anticipated in
either the rafter at XX in Figure 14.11(b) or in
the column at YY in Figure 14.11(c) then bracing
must be provided within 0.5m of the inside
corner points V or W, respectively.
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Commentary: 1/1

Section 14.2.5

The example illustrates the design of a bolted eaves
connection where the end plate and the column are
extended above the level of the top flange of the
rafter. If the alternative detail, finishing the end
plate and column at the level of the top flange, were
adopted it would be necessary to stiffen the column
in the tension region or increase the depth of the
haunch. However, in this example the depth of
haunch required, to avoid stiffening the column,
would be excessive. After sketching the proposed
eaves connection and before making any calcula-
tions it is advisable to check that the lower purlin
and the gutter can be accommodated. With the
extended end plate connection, the top of the
outside flange and part of the column web could be
cut away to accommodate the gutter.

The example illustrates the design of the various
parts of the connection, but in practice the complete
design of all the parts may not be necessary. For
example, here the beam web and the 6 mm fillet
welds could be seen to be adequate without doing
the load partition calculation.

Section 5.3.2 (equation 5.2.1)

HSFG bolts, which have a heavy series head and

nut, are chosen as being suitable for use in tension.
Neither the shear capacity nor slip of the joint are
critical, therefore the bolts can be classed as
‘non-preloaded’ when applying the formulae for the
minimum prying force (if required) and the distance
n at which the prying force acts.
Some preloading of the bolts is advisable, as it
increases the stiffness of the connection (and
therefore the frame). If power-operated tools are to
be used for tightening, make sure that adequate
clearance is provided. (The clearances in this
example would not be adequate for some power-
operated tools.)

The formula for n, which is used to ensure that the
bolt strain is acceptable, governs the position of the
prying force in this example.

Load paths

.
/
%
N

For clarity only the nearside load paths are shown.
The moment in the beam is carried by tension in the
top flange and upper portion of the web; bending in
the end plate; tension in the bolts; bending in the
column flange and tension/shear in the column web,
together with compression in the bottom (haunch)
flange and compression/shear in the stiffeners and
column web.
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Commentary: 1/2

Section 8.3

The connection is assumed to ‘pivot’ about the ‘hard
spot’ at the bottom flange (haunch) and the loads in
the bolts are assumed to be proportional to their
distance from the centre of the bottom flange.
However, some account is taken of the greater
flexibility of the cantilever end plate supporting
bolts F;, compared with the portion of plate
supporting bolts F,, which is stiffened by the beam
web, by assuming that the loads in bolts F; and F,
are equal, Note that the column flange is checked
before the design of the end plate, since the column
section is already specified. (If the first check is
unsuccessful, the setting out and/or the design
concept could be modified to justify the column
section.)
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Commentary: 1/3
Section 7.7.2

As discussed in section 7.7.2, the traditional
approach to determining w, i.e. assuming a spread
of 60° each side of the bolt line, becomes unsafe
when b > 3a. There are no such difficulties with the
American approach of spreading at b + d either side
of the bolt line and this is adopted here, even though
b % 3a, to demonstrate its use. A maximum spread
of (a + 1.4b) could be used instead of V(3)b by
assuming the yield line pattern in Figure 7.17(g). It
would then be necessary to design the end plate in
single curvature to maintain compatibility of the
yield lines.

Moment capacity = p, X plastic modulus. w > b,
therefore the bolt holes are ignored. Tension
capacity of web = p wt.

In determing w for the web design a maximum
load spread of d + 45° from bolt line to centreline of
web would be reasonable.

Section 7.4.1

Local bearing capacity = (Effective bearing length
at root line of column)
X (web thickness) x P,
Effective bearing length = stiff bearing (beam
flange)
+ spread at 45° through
end plate
+ spread at 1 in 2.5
through column flange
and root radius.
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Commentary: 1/4

Area of effective section = (Area of stiffeners) +
(Area of web, up to 20
X web thickness each
side of stiffener)

I = second moment of area of stiffeners about
centreline of web

Buckling resistance = (effective area) X p,

The stiffeners are assumed to be fitted to the loaded
flange and nominal 6 mm fillet welds are adequate.
(See commentary on Example 6/12 of Chapter 12 for
note on stiffener to column web welds.)

Shear capacity = 0.6 p, X (web thickness) x
(overall depth of section).
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Commentary: 1/5

Distance b is measured to the toe of a fillet weld but
the half radius for the root fillet of a rolled section.

b+d=49 + 20 = 69mm > ; X pitch of 80mm
and > edge distance of 60 mm

Therefore
1 X 80 + 60 = 100 mm governs w

By inspection, it can be seen that the end plate at
other bolt positions is also adequate. (F; is a similar
distance from the flange to F, and is also supported
by the web. F; has a smaller distance b and a greater
length w than F,.)

It has been assumed that a section of the column
flange and the top section of the end plate act as
short Tee stubs in double curvature, with the webs
of the Tees at right angles. If it were necessary to use
an effective length of yield line greater than 2(b + d)
to justify the column flange the possibility of
incompatibility between the yield lines in the
column flange and the end plate arises. For
example, if the column flange deformed in a manner
similar to that illustrated in Figure 7.17(e) it would
tend to prevent the yield lines forming through the
bolt holes in the extended portion of the end plate.
Where this could arise, the end plate should be
designed in single curvature bending, i.e. M = F,,.

f

Section through bolt lines, showing Tee section
resting on deformed shape of long flange. Flanges of
Tee are not bent to form hinges at B.

The bolt is designed using the higher of the prying
forces from the column flange and end-plate
calculations. The bolts are designed for the bolt load
including the prying force, regardless of whether the
bolts are designed as ordinary bolts or ‘friction grip
fasteners’. The procedure in BS 5950: Part 1, Clause
6.3.6, where prying action is ignored, is not used as
it could lead to an unsafe connection. The tension
capacity for design using factored loads is taken as:

YiA, but % 0.7UA,
1.1y 1.1ym,
(In BS 5950, the material factor y,, is equal to 1.0.)
For general grade HSFG bolts, 0.7U;A/1.1 is
virtually the same as 0.9P,, the tension capacity in
BS 5950: Part 1, Clause 6.4.4.2.

Since the prying force is greater than 10% of the
applied load (F), there is no need to check the bolts
for compliance with BS 5950: Part 1, Clause 6.3.6.

Note that if the rafter and haunch had been in
Grade 43 steel, the haunch flange would have been
inadequate. Options available to overcome the
problem would be:

. Make the haunch out of plate material;

. Use a heavier section for the haunch;

. Use the same section but in Grade 50;

. Deepen the haunch (but the haunch required
would be too deep to use a cutting from the rafter
section).

a0 PO -
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1 The. nd'nS force from the column -Plo./ui
i be;na qredter governs the design of
¢ boH'S
| B°'+s ' Waicg@
[ “Tensiem of M20 e HSFG
A boH" = ; {—E.—: = 0"15:%2.7 Y 245 %03
BN B -.-12.8 =1 KN > Bolt lcad- 31 kN
eia§6;3 Bg i f“ f,.’ qn bOH' rt:gu Can alse corry the [M 20 General
Fb sheulcad aE—(_sq,smH -l—-lJansHS) 132.KkN Cgml;g: HsFG
: ) o .
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Commentary: 1/6

Load from adjacent
Load per mm of weld = bolts

Flange width

No deduction is required for end craters, as the weld
is returned round the edge of the flange.

The design rules for symmetrical fillet welds, in BS
3950: Part 1, Clause 6.6.5.1 are not used for two
reasons:

1. The welds and loads are not strictly symmetrical;

2. Due to their limited ductility, it is important that
the welds do not form a weak link in the
connection.

Section 7.7.4

The factor of 0.7 used in determining the effective
lengths of the plates allows for the formation of fan
yield lines in the corners.
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ubject Bolthed end

.lai'e. SE lice Chapter Ref.
Structural Faves congecfign ok gitched | ™ iy
Steelwork PrnCHR RS SaS0 Parkl  |BSmple /6
Connections  |“8T. |"%oq a1 |00 | ™
Code Ref. Calculations Output

6652
& 6'S

Ream Flanges.

ot of £l e = A
ap h‘"’. mg 355P3r71.5"xu-5‘x:o“3
=700+ kN

Tensien in +op -Flange = 2F +2.F,
Cos )R

=4%X73'8 = 3cl-0 kN
Cox IR
< Too'il kN O.K.

Compression in haunch flange = Fe
. Cox2b'b
S4T 4 - 61202 k=N
Cos 26l
<700+l KN oO.K.

-—
—

Welds.
Top flange 4o end plate

Load from bolts above flange = 2.F,
=2%¥ 738 = 476 KN

load per mm of weld =T_£7£,7_-_5:= O+'8&1 kN

Cb.pa.cii‘ of bmm Filler weld
3—_- LXOT%x215 % 073
= 0903 kKN/mm

Web t» end plate

0.k, Use

Consider_bolt below flange.
Load = F, = 738 kN

Cenhe hine of bolt to edqe of weld t»
beam flange = by = 6S—||:5—~b =475 mm

Centre hine of bolt 15 edgqe of weld to
beam web = b, :‘_3_2%;.52%*3;_._5: 30l mm
Effective length of plate at flange

=W = 135 =801} 05 me0nt 2 670 mm

—
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Commentary: 1/7

The bolt load is shared between the web and the
flange in proportion to w/b when assuming a plastic
distribution and w/b* when assuming an elastic one.

In this example it can be seen by inspection that
the level of loading on the beam web and fillet welds
adjacent to bolt Fj, etc. is less than that calculated
adjacent to bolt F,.

Section 7.7 .4

In recognitiion of the limited ductility of fillet welds
the greater of the loads calculated by assuming
plastic or elastic distribution of load is used for their
design.

The load is assumed to be applied on the line of
the bolt. The effective length of weld is taken as the
lesser of 2 X (; bolt pitch) or 2b,. Taking only the
length of weld that is equally balanced about the
load as being effective is a quick and economic way
of designing line welds with an eccentrically applied
load. Although for some details an effective length
of up to 2(ay + 1.4by) could be assumed for the
design of the plate, it is likely that there would be a
concentration of reaction opposite the bolt. In view
of this it would be prudent to add a further
limitation of effective length of weld # 2(b, + d) to
avoid problems due to lack of ductility in the fillet
welds.

b, = distance of bolt from fillet weld
d = bolt diameter
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ubjectBo_H“ed end plate SQI ice Chapter Ref.
Structural reaves connecicn YR m e I
Steelwork pHnCe BS S0 Parkl B ie /7
Connections  |“%Lc |*hu, 1| 880 | Ry o1
Code Ref. Calculations Output
T | Effechive tength of plate ot web
: 9 P
oy =Wy = 12-.1 © 4+ 0 Txy7-5= 932 mm
T L | Belt load supported by web (plastic
oo distribution) = 9.2
e [ BE  Ix138-505
ot &70 932 KN
i 47's" 3204
T | Relt lead supported by web (elastic
iatri bt Y
. |distributien) = q3.2.
I o : 30.43. )(73'8:62.'
S : { &30 L 932 kN
b L‘_v,sz 30.“_3
Elaste distribohan governs design of welds
Effective length of weld = 2%u7-5
s . : . =950 mm
Sy Load per mm of weld = 62:) ~065 kN

950
Use &mm filletweld
Bottom (haunch) flange to end plate

.. | Horizental component of Flange force
S =R = 5474 kN .

Vertieal (shear) compenent of Flange force
= %5474 = 2737 KN

. "Fit"end plate. +o Plcm(ae and assvme. ‘that"

i lherizentad Compre;ssn'on is taken in diteet
: bearing and +hat vertical shear I's carmed

b"d £ lter welds, .

Weld end plate

[P IRUP S S

| Lo er mm of 2 _2737 <0798

L] beed P et T arris O 118 MNIto beam and

N I ' haunch with
SO e id . Use bmm fillel welds| b mm fillet
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Commentary: 1/8

When checking the web of the beam, as with the
weld, the load is assumed to be applied on the line of
the bolt (and the effective length is 2b,). As a final
check, look at the connection to make sure that
there are no incompatibilities in the assumptions
made for the design of the column flange and the
end plate. In particular, compare bolt loads, prying
forces and yield line patterns. In this example the
bolt loads have already been considered. A possible
problem with the compatibility of the yield lines has
also been dealt with.
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Structural ki e ) R
Steelwork Desn Cote g5 5950 Rt S /g
Connections  |“§%.c |Kas1 |TLE %% o
Code Ref. Calculations Output
Wek of beam
R Load per mm of web = 9-;5_5:2'5'=|-oé, N
i | Tensien copacity of web = pyt

ihou

35S% 73 %1073
=259 eN/mm
[T SN
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Commentary: 2/1

The example illustrates the design of an apex
connection for a pitched portal frame. A haunch is
used to increase the lever arm of the bolts and at the
same time reduce the compressive reaction on the
top flange. The coinpression in the top flange is
close to the flange capacity. The bending moment of
262 kNm is 82% of the plastic moment capacity of
the rafter. If the proportions of the frame required
the full moment capacity of the rafter to be
developed at the connection it would be necessary to
extend the end plate and add an extra row of bolts
below the haunch flange or increase the depth of the
haunch.

Section 8.3

The connection is assumed to ‘pivot’ about the *hard
spot’ at the top flange and the loads in the bolts are
assumed to be proportional to their distance from
the centre of the flange.

Load paths

For clarity only the nearside load paths are shown.
The moments in the beams are carried by tension in
the haunches and bottom flanges; bending in the end
plates and tension in the bolts, together with
compression in the top flanges.
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Subject 5°|+'3d.ef’d plate SP|‘.C°- Chapter Ref.
Structural apex confiecksn of pitched come| b
Design Cod Calc. Sheet No.
Steelwork wmlxde  Rs S9So0 Farkl Enmple 21
H Calc. by Dat Check by D
Connections S PR e | |0,
Code Ref. Calculations Output
; Bolted end plote splica for apex «
; of pitched poctal trane
ol esIgn _on connectian behwean
Lo, 1 3s6% 171 x5 UB mfters in Grade SO steel.
i . 1+ | The connectiom is carmy the following
| factored loads:
. , Bending moment 262 kNm _
..l Axial load in rafter 49 kN (compression)
v ) < ~N3°
5% 171 xSI UB lI;é‘
CGrmde SO "
H'n.»nchaul’oF
ASex17 ¥§1 VB (Grade SO) | U - —-
! ) %36 7‘1
: 200 ‘Q
S Jatee, | 19
— R
| +]|+ dRCF,
of O o
; Al
: + + | Fa
; = ]
f +1 +
+ || +
c——— : ‘
R IR it S T
i+ | 200x20¥%kio end plate (Grade k3) |
i | omm fllet welds ol mund rafter . |
. | 1omm fillet welds all: mand . haunch Plange and web
b | M22. Gengrad.gn §¢§H51§a@ &oﬁs e
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Commentary: 2/2

The loads from bolts F,, F, and F; are partly carried
by the flanges and partly by the webs. However,
since 2F; = 247.4kN and 2F, + 2F; = 350.8kN are
less than the flange capacity the flanges must be
adequate.

Section 7.7.2

Edge distance < a + 1.4b, therefore edge distance

governs.
1 X bolt pitch < a + 1.4b, therefore } x pitch

governs.
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Subject Bolted end plaje splice fod

! ; Chapter Ref.
Structural Spex condechon of Kit<hed N
Steelwork Desian Code RS, SASo Part | Bearnple 2)2
Connections |58 [*%. 7 %0 |55, o
Code Ref. Calculations

Output

Distrnbohen of lead.
Tn.1 bolt spm‘na n Sketch

E)q moments about top Flonge
262%10° - (49 as 1-3) x 17§

= 2F x499 + 2R %419+ 2F» 289+ 2F, xS
= 28 [u99%+n19%+ 2097+ $92)

499
F=123.7 kN
F>= |O3'8 kN
F,= 716 kN
r—i= I4-6 kN

Reackion aF bottom F’a.nge of havunch = F_
= 2.(1237+103:8+ 71 &+l &) +49eos 11-3°
= 675-5 kN

Beam Aanges . |

Cb.pa.aiy of fange = p,A

= 3§S % IT1'S % 11-S % [073

= Too+l kN
Compressicn i = __Fe - _675%
pressien ?ﬂexape Cas I]:3° ey |)3°
= L8899 kN
< 7c00:l KN o.k.

Botow) Plange and haunch Hange ak. by wispection
Eﬂd late .

Conside r porfien assocrated unth bolt F, @swme
200 mm wide end plate and bmm Kilet
weld amund beam, bulr 10 mm f£illet weld
amund havnch flange and web)

Centre line of bolt 15 edge of weld
haunch flange = b, 265 ~i1'S—~10 = 43S mm
Cenhe line of bolt 4o edge oF weld +o
hauneh welk ‘=;,b*,-.3_l_03__9_.,.?z-51 -0 =343 mm
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Commentary: 2/3
Section 7.7.4

Due to the ‘pin’ support at the flange, the load
supported from the flange = F, = M,/b,; whereas
the load supported from the web (where two hinge
lines form) = F, = 2M/b,.

€
web
£ |
? bolt flrnge € bolt € bolt
B.M. diagrams V i&%
From flange From web

The factor of 2 by which the calculations differ is the
reason for the 0.5 that appears in the calculation for
the distribution of the bolt load.

Section 7.7.2

Moment capacity = p, X plastic modulus
w > b, therefore the bolt holes are ignored.

It follows from the procedure for distributing the
bolt load that the minimum thickness (7) calculated
in (a) and (b) will be the same.

By inspection, it can be seen that the end plate at
other bolt positions is also adequate. The bolt load is
less, the bolt spacing is not too different and, since
the end plate is continuous between bolts F, and F;
each side of the flange, there are additional plastic
hinges.
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Structural
Steelwork

Connections |3 . |"%.qe7 |50

i Hted end plate splic
oS..uPb euggnnecj'abn ap£ pi‘l‘;{eeg tor Chapter Ref.

aortal frome

14

Design Code

BRs S950 Fostl

Calc. Sheet No.
Bample 2/3

Date
Nov, ’Y7

Code Ref.

Calculations

Output

B ,
P 3
OIS P S S Y

distribotien)=" F,

Effechive lenghh of plate of flange
= Wy = .2.02-— 1IC0 + O 7% 33 = 75'Lt-mm

Effective length of plate of web
=Wy = %C_l+o-7v<a.3-s = 70 4 mm

Assume o "P.‘n" support af the hawnch -Plonge.
Bolt load supported by flange (plastic

QSxISh
- 435

%123 7= 2382 kN

- o-S‘x‘ls-tT_; 70 4
( 435 363

My = F, b, = 382

Bott load sopported by wek (plashe distribuhon)
=F, = 1237—3€2 = 85-5 kN

Using "minimum thickness” design
) Plate supported from flonge

X43'S = 1662 Nm

. N
WMoment capacity = Py X “—"l_-l—-

T=/ 4¥%1662%10° =182 mm

26S % 754

Use 20 mm

b) Plate supported from web

M¢= Byby -85:5¥36:3 - I15S2 Nm
2.

2

T= /4%x1552

X103 = )22 mm

265 x 7704

200 x20end
plate x 610
(Grade 4.3)
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Commentary: 2/4
Section 5.3.2

See Commentary on Example 1/2 of this chapter on
‘non-preloaded’ bolts.

The corner detail (the portion of end plate loaded
by the bolt and supported on two adjacent sides by
the flange and the web) is being analysed as two
separate plates supported at the flange and the web.
Whereas the total applied load = F = F, + F,, the
total prying force (Q) is not necessarily equal to Q,
+ Q,. The reason for this is that a prying force
located diagonally from the bolt could act as Q, and
Qy. The general rule would be Q equal to the
greatest of O, or O, or (O + O, — p,T2).

The third requirement is necessary because the
value of the prying force that can be located
diagonally is limited by the possibility of the
formation of a local yield line.

Tension capacity of bolts. See commentary on
Example 1/5 of this chapter.

If the apex connection were part of the same
frame as the haunch detail in Example 14/1 it would
be good practice to use M22 general grade HSFG
bolts for both connections.

The factors of 0.25 allow for the reduction in
clastic stiffness due to the assumed pin support at
the flange relative to the continuous support at the
web.

In recognition of the limited ductility of fillet
welds, the greater of the loads calculated by
assuming plastic or elastic distribution of load is
used for their design. The load is assumed to be
applied on the line of the bolt,
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SubjectBolted end p a.‘l“c.f_jfhafor‘

Structural Gpex connechel rhal Phaime
Steelwork Design Code s 5950 Part |
Connections  |“3% . |*%.. e |“0i%

Chapter Ref.
4

Calc. Sheet No.
Bample 2 /)4

Date

Moy, '87

Code Ref.

Calculations

Output

Classify bolts as non - preloaded _
Slance from cantre line of bolt to prying
e = N = lesser of edae distanca

ond l-l'l'][s—__p;

Py
. 6 e = {* 2 8 = ]
| IT/_BP;_ I IxZO/__ﬂgbs, 43 mm

Plate supported from Floange ny= 46:3 mm
Prying fo = =My - 662 = .

nying torca = Q il v iy 359 kN
Plate supported frem web Ny = 463 mm

Prying foree =Qy = My = ISS2 . .
nyi1nq Qy o 222 335 kN

The prying frrea as plate su.pparfed Fem Hhe

‘F‘o.ﬂcae qoverns
Bolt load = 1237 +35:9 = I1S9:6 kN

Bolts. :
lension Cnpaoh:’ of M22 Gererad Gracle HSFG
bolt - ©7 UgAr = O7 x827 x303 %03
I I
=159'S kN = bolt load. O . Use

Welds.

it lead S ded by Flange (elastic
Solfipopd goppertes by lanse

- O28%x 7S 4 ;

’[ 4353 }xnz3-7= 16*7 kN

©:25x7Stly 4 104
4353 3637
Rolt load supported by web (elastic
d.‘sf—:—ibuhan“jppo 1237 — 167
167:0 kKN~

non

M22 Gerernd
Gmade HSFG
bolts.




292 Portal frame connections
Commentary: 2/5

The effective length of weld is taken as the lesser of
2 X (1bolt pitch) or 2 x b,. Taking only the length of
weld that is equally balanced about the load as being
effective is a quick and economic way of designing
line welds with an eccentrically applied load.
Although a calculation for the end plate to flange
weld using the load of 38.2kN indicates that a 6mm
fillet weld would be adequate, it is considered good
practice to carry the 10mm fillet weld round the
flange. One reason for this is that a pinned support
from the flange was assumed in the calculations,
whereas in practice there would be some restraint
from the flange which would increase the share of
the bolt load carried by the flange. For other notes
on welds see the commentary on Examples 1/6 and
1/7 in this chapter.

Section 7.7.4

Assuming a plastic distribution, the bolt load is
shared between the supports in proportion to w/b.
Assuming an elastic distribution, the load is shared
in proportion to w/b®.
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Structural S e B e ™
steelwork Design Code BS 5"15‘0 Poust | Calc. s’g?: N;-./s_
Connections  |“Efc |"%q. w1 |0 %%, o
Code Ref. Calculations Output

Elashe distriboticn qoverns design of web

welds ¥ 9

Effechie lenqgth of weld  2x80 - 80 mm

Load per mm of weld = 1070 . |34 kN

00
thy ofF 10O mm Eller weld

6:6S

=l0%x0'7 %215 %1073 = |:So KN/mm

. O.k. USE.
| For bolt F,
b, 623—6= S3mm b,= 36:3mm
W= 754 mm Wy = _Eig +07%xS56°3
=79 4. mm

Bolt loacl supported by Flange (plastic
distribotien

aqS:4
= S&'3 %1038 =394 kN
Sy 4 294
$6:3 363
Roll load Supporfed b..' web = 103:8 =394
= b4l KN
Bolt load Supported by 'Flange (elastic
|distributicon N
75«3
= Y - .

Sta:T 30T

Bolt load Supported by web = 103:8 — 21
; : 82:7 kN

Plastie distribution Joverns des:én of
'F:lo.nge welds, . 7 .

§ T T S
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Commentary: 2/6

Since the web should have adequate ductility only
the load derived assuming a plastic distribution of
load is considered. The local capacity of the web is
checked using a dispersion of 1:2.5.
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Subject Bolted end lz’“+e Sggf‘ for| chapter Ref.

Structural apex connechon St BN Fraime
i _Sh .
Steelwork Desion Code @ 5 a5y Pourk | Beampte 2/t
Connections  |“g%. |"K.q e |75 |, e
Code Ref. Calculations Output
Effechive length of weld = ITI'S —1e0 g
=705 mm
load mm of weld = 394 = 0-SSI Kk
per TS N Weld end plate
to beam with
USeC Emm ‘:P.Hef‘ we.ld/s ) &Emm 'Fi:lel'
capaci 090 kN /mm ) |welds all reund
. . d and & havnch
&j cg:gechbn Etmm Rllel welds aye adequo.fe quncje and web
for er beom 1o end plcd‘e welds. witH 10 mm
filler welds
Welb of haunch all rpund .

? ‘ _Sodpermm o@wdo=23%§§—= 2: 04 kN

Tension capacihy = Pyt = 35573 %1073
i = 259 kN/mm
>0y kN/mm O.k

(annechen of hawunch Flange tv raffer Flanqge
Use Rl strength bult weld for Fla.nge connechon
IF mfter Flonae al this poink 1s Fu”::‘

stressed, flange form = p,A - 7001 kN

Component of ferea perpendiculor +o
rafter = 700 tan (2%11:3) = 2914 kN

Assume stiFF beo.nhg leng'Hq = Ploﬂge ‘Hhickness
, . =S mm
Local 'bea.ru‘n9 capaciby of web

=(15 +2%2-5 x (11:S+10:2)) x -3 ¥ 355x IS
=311'6 kN > 2914 kN
Ne stiffenes tequiiec
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Other industrial building connections

15.1 Column brackets

Figure 15.1 shows typical examples of column
bracket connections. Different structural forms are
necessary for major and minor column axis eccen-
tricity. In the former case the moment imposes local
horizontal tensile and compressive forces on the
column flange and these have to be transmitted into
the column web. In the latter the moment is
transmitted into the column flanges by shear of the
welds or bolts. Of course, in both cases the bracket
must transmit the shear into the column. Welded
connections will generally be used for shop attach-
ment and bolted brackets for site attachment.
Bearing bolts may generally be used for statically
loaded major axis brackets and torqued high-
strength bolts for fatigue loading. Bearing bolts may
be used for minor axis brackets if the overall design
can accommodate the possible bracket rotation as

A T——r

the bolts slip into bearing. If the bracket bearing
surface has to be held level then HSFG bolts should
be used.

Many elementary design texts use brackets to
illustrate methods of connection analysis. Such
examples frequently consider only the forces on the
welds and fasteners. This may beguile the unwary
designer into thinking that bracket design is trivial.
In reality, sound design of this form of connection
requires the same attention to detail as other types.
Because there are important differences in be-
haviour between the various types of bracket
connection they are discussed separately below.

15.1.1 Major axis welded bracket

The traditional design of such brackets was based on
the analysis of the weld group. Elastic analysis of the
Tee-section weld was carried out and the deforma-

) N N 4,
(a) {b)

Figure 15.1 Column brackets. (a) and (b) Major axis
cccentricity; (c) and (d) minor axis eccentricity

296




tion of other connection components was ignored.
This was acceptable provided that:

1. This distribution of bending stresses was main-
tained when checking other connection compo-
nents;

2. Weld sizes were sufficient for ductile behaviour
and elements were of compact proportions so
that any discrepancies between this rather
simplistic analysis and true behaviour could be
accommodated safely by redistribution.

For many brackets, the critical component will be
the stiffening gusset, and it would be more relevant
for the design to concentrate initially on this
element. Provided that the top bracket flange can
resist the tensile force, a triangular distribution of
compressive stress would be an appropriate idealiza-
tion for the gusset plate, as shown in Figure 15.2.
Note that the maximum elastic compressive stress
could be up to 33% greater than that calculated by
this simplified procedure. However, this potential
lack of conservatism is accommodated by the
underestimate of compressive strength that arises
from the simplified procedures of the following
paragraph. (In checking the top flange tensile
capacity the designer must ensure that its anchorage
into the column web, via the dispersing action of the
column flange, is satisfactory. The effective length
of column web and the effective breadth of bracket
flange should be determined from Section 7.4.2 and
their corresponding tensile capacities checked.) If
the top flange is not adequate in tension then either
a stiffener should be provided or the tensile zone
extended down the gusset plate with an appropriate
modification to the distribution of compressive
stresses,

3w

s

Figure 15.2 Analysis of welded column bracket

15.1 Column brackets 297

In reality, the gusset plate acts partly as an
outstand and partly as a column. For design
purposes its adequacy to resist the applied com-
pression is checked by assuming only one mode of
behaviour. The resulting conservatism should over-
come any elastic overstress arising from the
simplifications of the overall analytical model
presented above.

The proportions of the gusset plate will determine
which is the more beneficial restraint. The slender-
ness for the local column check is based on a column
length of D, built in at both ends, and the gusset
plate thickness #,: it takes the value 0.7D/(1,V12) or
2.4 Dft,. Its stability as a slender outstand should be
checked in accordance with Section 7.2.3, using the
outstanding dimension b shown in Figure 15.2.

While it is acceptable to make the gusset plate
shape convex, there are clearly limits to dimensions
d, and d, above which it would be unreasonable to
assume full effectiveness. In the absence of more
detailed guidance it would seem sensible to limit
dy/t, and d/t, to less than 5.

Another critical section exists at XX, where shear
stresses are at a maximum. This should be checked
in accordance with conventional practice. With this
second approach to design the weld sizes follow
directly from the stress flows. It is assumed that the
shear is distributed parabolically through the gusset
plate, in accordance with conventional bending
theory.

Note that much of the above complexity dis-
appears if the bracket is made from a full UB section
with both top and bottom flanges intact. It may be
designed as a conventional cantilever and the
connection treated as a welded beam-to-column
connection.

Finally, the compressive action of the lower
portion of the bracket on the column web should be
checked (see Section 7.5). If the web is overstressed
it may be stiffened, although it would probably be
more economic to increase the bracket depth.

15.1.2 Major axis bolted bracket

Traditional analysis of major axis bolted brackets
concentrated on the distribution of bolt forces. A
neutral axis position was postulated that was
one-sixth of the bracket depth up from the bottom
and an elastic analysis carried out. This would seem
to be acceptable in that it gave a distribution of bolt
forces that was in reasonable agreement with
experimental observations. It is worth noting that
the magnitude of the critical top bolt force is not
sensitive to reasonable variations in neutral axis
position. It was necessary to check that this analysis
did not imply a compressive overstress either in the
gusset plate or the column web. If an overstress did
occur then either the bracket depth had to be
increased or stiffeners added. If the latter course
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—ay X:
‘[——'»» .
A
oo Td,
——— | - _L
Bolt group neutral axis
Y LA
R S—

Figure 15.3 Analysis of bolted, major axis column bracket

were adopted then this would create a ‘hard spot” on
the compression load path. It would then be
preferable to assume that the compressive force was
concentrated at that level with a centre of rotation
immediately above.

However, a complete design must also examine
the other components of the bracket. If an extended
end plate is used it is possible to assign the tensile
force to the top flange and proceed in a similar way
to the welded connection described above. However
if, as is shown in Figure 15.3, a short end plate is
used, it is no longer practicable to make this
assumption because of the vertical eccentricity
between this element and the line of action of the
bolts. Rigorous analysis of the true tensile force
distribution is not feasible in a design office. In its
place the bending stress distribution (0,), shown in
Figure 15.3, while clearly conservative would seem
to offer reasonable continuity to both compression
and tensile load paths. The conservatism arises
because no account is taken of the contribution of
the end plate or top flange to bending resistance.
However, because of the influence of shear lag near
the discontinuity at the corner and the coincidence
of the critical section with this discontinuity the
contribution is unlikely to be very significant. To
this bending stress distribution should be added the
compressive stress (o) arising from the normal
component of the eccentric load. The shear on this
critical cross-section from the tangential component
of the eccentric load should also be determined,
though it is most unlikely to govern the design. With
this total stress distribution, other checks on the
bracket may proceed in a way similar to those for
the welded major axis bracket described in the
previous section, including the shear check on the

critical section adjacent to the point of application of
the load. It will also be necessary to check the
adequacy of the tension load path in the vicinity of
the upper bolts, and the column web in shear, both
in a way similar to a bolted beam-to-column
connection,

15.1.3 Minor axis column brackets

These connections present much less difficulty than
their major axis counterparts. The main connections
to the column are straightforward and are most
unlikely to lead to any local points of weakness
because the connection is directly into the flanges,
which provide the minor axis bending strength of the
column.

The gussets may be checked in a way similar to
the bolted major axis bracket with a stress
distribution based on the diagonal cross-section of
the gusset plate alone. The only variations relate to
its stability. If bolted, the outstand (b/f) should be
based on the distance from the bolts to the free
edge; if welded, it should only be based on the
distance to the near edge of the column range if the
gusset plate is welded to that edge. Where the
design strength is based on column behaviour of the
free edge it is important to consider the overall
behaviour of the bracket in determining effective
length.

Only if a suitable top flange prevents lateral
displacement of the bracket tips should an effective
length of 0.7 X unsupported length be used. In the
absence of any top flange, an effective length of 2 X
unsupported length should be adopted.

15.2 Built-up columns
15.2.1 Battened columns

The battens are required to provide a shear transfer
between the elements of the built-up column with
sufficient stiffness to ensure that the entire fabrica-
tion acts compositely. Because the battening does
not form a triangulated network this can only be
achieved by rigid connections. Historically, rivets
performed satisfactorily in such connections but
have now fallen into disuse. Bearing bolt connec-
tions would be too flexible and HSFG connections
are generally too expensive. Thus almost all modern
battened columns are welded.

Empirical rules have been developed for the
arrangement of such connections, and these are
illustrated in Figure 15.4. With the three intermit-
tent welds shown, /. and /. should be not less than
l/6 and I, should be not less than four times the
batten thickness. The welds should, of course, be

_ designed for the shears and moments specified in the

relevant Code of Practice.
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Figure 15.4 Typical weld details for a battened column

15.2.2 Laced columns

Lacing fulfils the same function of shear transfer
between elements but, because it is a triangulated
system, it is more tolerant of connection flexibility.
Thus bearing bolts could be used for site-assembled
built-up columns. However, most assembly is
carried out in the fabrication shop, and there
economics dictate that welded connections should
be used. Once again, connection details are based
on traditional empirical rules; the connections
should be designed for the shears and moments
specified in the relevant Code of Practice. A typical
arrangement is shown in Figure 15.5. The overlap (/)
should not be less than four times the bar (or angle)
thickness, or four times the thickness of the flange of
the component to which it is attached, whichever is
the less. The bar should be welded along the whole
length of lap on both sides and the weld should be
returned for an aggregate distance of not less than
four times the bar thickness, where this product is
less than the bar width.

Figure 15.5 Typical weld details for a laced column
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15.3 Crane beam connections

Collectively, cranes and their supporting structures
have the reputation of being troublesome in service.
Most of the problems arise because of the failure of
the designer to appreciate the great difference in
load history between these and other structural
components. Apart from maintenance and other
infrequently used installations, cranes are exposed
to a significant proportion of their design loading
more frequently than almost any other structural
system. As extreme examples, cranes in steel mills
or in bulk-handling units will be lifting their design
capacity up to twenty times an hour, and cranes in
heavy workshops will be handling loads of 50% and
upwards of their rated capacity at high speeds
constantly during working periods. In addition,
cranes are subject to more abuse than almost any
other structural system; loads may exceed rated
capacity; they can swing like a pendulum; the crane
may be used to drag loads both across and down the
workshop; or the crane may be rammed against the
stops. All these misuses will subject both the crane
and its supporting structure to severe horizontal and
vertical loads.

Conventional fatigue calculations can be used for
the main elements of the system, and it is essential
that the same attention is devoted to the connec-
tions. It is particularly important that the implica-
tions of repeated deflection of the main elements are
considered in the design of the secondary and
restraining elements. For example, simple connec-
tions in, say, multistorey frame buildings that utilize
cleats or light end plates are quite satisfactory, even
though these elements will become plastic locally
under working loads, due to the rotation of the
beam ends. This is satisfactory because such loading
will occur only rarely during the life of the structure.
Such details would fail rapidly in fatigue if used on a
heavy-duty crane beam. The prudent designer will
minimize such problems by limiting the flexibility of
the crane beams. A figure of //1000 for live load
deflection is commonly used. Even so, this can still
lead to significant horizontal movement at the top of
a deep crane girder. Such movements are quantified
in the following section.

There are many different types of crane and
associated support system. While they may have
particular problems, most of these have the common
origins outlined above.

The most widely used type of crane, and the one
that impinges most on its supporting structure, is the
overhead travelling crane. The connections used for
the associated crane beams or girders have therefore
been discussed in detail in the following sections.
However, the principles illustrated there may be
applied with equal validity to other crane systems.




300 Other industrial building connections

4

o ﬁ
1 l
¢ //__4_ St _--___/
{a) {b)
2, )
| ], ! '
! : : : 4 1 l 'TL l I =T
T ] f i |
o b
1, A A,
(c) {d) (e
| - ” |
Figure 15.6 Built-up columns supporting crane girders. (a) i W

and (b) General arrangements; (c)—(f) details of column

cap arrangements

15.3.1 Beam vertical supports

Figures 15.6(a) and (b) show the general arrange-
ments where built-up columns are used to support
crane beams. This would be an appropriate arrange-
ment for heavy cranage; the column brackets
discussed earlier would be more economic for light
crane systems (say, up to 10-15" capacity). Irrespec-
tive of the support system, the most important
aspect of design is the accommodation of the beam
end rotations which occur when, as is usually the
case, simply supported beams are used. Even with a
deflection limitation of //1000, beam end rotations of
0.2° will be occurring repeatedly.

L

()

If load-bearing stiffeners are positioned directly
over the column flanges, as shown in Figure 15.6(c),
the bolts and column cap plate will have to
accommodate the associated uplift. A thin cap plate
should be selected and the bolts should be
positioned as far as possible from the column and
beam webs, to maximize vertical flexibility.

Alternatively, a local stiffening can be provided to
the column web, as shown in Figures 15.6(d)(f),
with some provision for minimizing eccentricity. In
Figures 15.6(d) and (e) a simple pack plate is used;
in (f) extended end plates slot into a recessed ‘keep’
plate. In many crane systems it is necessary to
transmit surge loadings between girders, along the




building, because horizontal load resistance is
confined to braced bays. Figure 15.6(e) shows an
arrangement for tying the beams together securely
without restricting the beam end rotations; bolts X
fulfit a similar function in Figure 15.6(f).

Whatever girder support system is used, if either
the designer lacks experience of the structural detail
or the crane is subject to particularly onerous service
it would be prudent to carry out fatigue calculations
to ensure that the connection can safely sustain the
local deflections imposed by the beam end rotation
of 0.2°.

15.3.2 Beam lateral supports

Crane beams have to resist considerable horizontal
loads, normal to their longitudinal axes, and
different details for resisting these loads are shown
in Figure 15.7. These loads are transmitted to the
beams at crane rail level, i.e. above the level of the
top flange. Thus the most effective restraints are
those which can be positioned close to crane rail
level. This is satisfactorily achieved in Figures
15.7(a) and (c). However, in (b) the downstanding
flanges of the channel have forced the restraint
system down, introducing a significant moment into
the system. The design should take account of this
moment; alternatively, the channel flanges should
be notched, to allow a higher position of the
restraint system.

As with the vertical support system described in
the previous section, the lateral support system must
be able to accommodate the repeated end rotation
of the beams. A careful balance needs to be struck
between this requirement for flexibility and that for
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compressive capacity to resist the horizontal surges.
(Once again, if there is any doubt about the fatigue
lives of the details, they should be investigated by
calculation.) Some designers specify slotted holes,
but these are unlikely to permit movement in
practice. For heavy-duty installations the expense of
link arms and ball joints is probably justified.

Most of the lateral bending resistance of the crane
beam is concentrated in the top flange, and it is
important to ensure that there is proper continuity
of the restraint system through to this element. If, as
in Figure 15.7(b) and (c), the lateral support is
attached to a web stiffener, it is essential to weld this
stiffener directly to the top flange. Failure to do this
will produce a severe stress concentration at X and
Y, leading to premature cracking.

Whatever detail is adopted, it is very important to
make provision for subsequent adjustment of both
line and level of the crane rail and girder by packs or
other means. This is likely to be necessary to correct
any settlement of the main structure.

15.4 Crane gantry end stops

Figure 15.8 shows typical examples of crane stops.
Example (a) would be suitable if it were permissible
to stop the crane short of the end column; example
(b) shows a compact arrangement where the crane
bogie has to extend up to the end column.
Geometric details will depend on individual per-
formance specifications. Note that the crane rail is
stopped short of the end stop to provide an erection
and fabrication tolerance.

—
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Figure 15.7 Lateral restraint to cranc girders
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assembly

{a) ¢ Column

¢ Column

{b)

Figure 15.8 Cranc gantry end stops. (a) Fabricated from welded plate; (b) fabricated from rolled sections

The design load (F) for the end stop is a function
of the spring or plunger design:
wv?
gT
where W is crane vertical reaction excluding lifted
load which will swing in an impact,
V is crane speed,
T is length of travel of spring or plunger.

Unlike other aspects of crane design, it is not
necessary to consider fatigue in the design of the end
stops because of the relatively low number of
occurrences of significant loading. Indeed, it would
be acceptable to use bearing bolts in shear if
required. However, it is appropriate to have a

robust design, that is, one that can absorb energy by
plastic deformation if necessary. If this requirement
is satisfied then, even if the plungers malfunction, a
catastrophe will be avoided. This requirement can
usually be achieved by ensuring that:

I. Full-strength welds are used on tension and shear
load paths, and

2. Bolts are not the weakest link on any tension or
shear path.

Reference

I. Cranc rail fastening systems, Supplcment to Sieel
Construction, 7, No. 3 (1983), SAISC.
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Truss connections

16.1 Introduction

In most structural steelwork design it is necessary to
consider the connections during the initial concep-
tion if economy is to be achieved. With trusses this is
essential. A very high proportion of the total cost is
attributable to the connections, and it is a false
economy to select members that are themselves
efficient if they cannot be connected economically.

Figure 16.1 illustrates this important point in
relation to welded truss design. Figure 16.1(a) shows
the connection that might result if the members only
were considered in the initial design. Universal
Columns or Universal Beams make very efficient
truss chords, particularly if they are subject to local
loads between node points. They are better able to
resist this local bending if they are orientated with
their major bending planes vertical. If similar
members are chosen for the post and diagonal
members of the truss it is clearly sensible to
orientate them as shown, with all the element webs
in the same plane. Without any stiffening this is
already an expensive connection to fabricate. The
web elements have to be precisely cut to length, with
a double-angled cut to the diagonal; weld prepara-
tions will probably be necessary, at least to the
diagonal member. Assembly costs will be high,
because of the close control that will be required on
weld root gaps. It can be seen that there is no
continuity to the flanges of the post and diagonal
members. If, as is usually the case, these elements
are highly stressed then substantial stiffening must
be added. Much of this stiffening will have to be
fitted, adding considerably to the cost of what is
already an expensive connection.

The requirement for stiffening could be overcome
if the truss elements are reorientated and chosen to
have the same depth, as shown in Figure 16.1(b).
However, all the requirements for precise cutting

and fitting remain and butt welds are now required
throughout the flange connections. There are also
problems with the post and diagonal webs if these
cannot be curtailed. Finally, and most importantly,
this type of connection severely restricts the choice
of truss elements. Only those whose actual, not
nominal, depths are such that the flanges can be
made coplanar can be used.

However, if economy of the entire truss were
considered, including fabrication costs, then the
arrangement shown in Figure 16.1(c) might have
resulted. The chord is now a pair of battened
channels and web members of the same true depth
are used. The material cost of all the elements has
probably increased significantly and the chords have
to be battened, but the total cost is reduced because
of the economy of the connections. There is now no
precise cutting to length or cutting at an angle (a
local eccentricity has been introduced into the
connection, but this can readily be accommodated in
the element design). All the welds can be fillet
welds, with no preparation. Because of the consider-
able weld length available these are likely to be
single-run, 6 mm welds — a further economy.

Another economical alternative is shown in
Figure 16.1(d). The truss posts must all have the
same depth but the tension members can be sized
separately. Because these members are arranged on
opposite sides of the chords, it is possible to avoid
eccentricity at the nodes. Once again, all cutting to
precise length and at an angle has been avoided and
there is no butt welding.

16.2 Single-plane trusses

Single-plane trusses, as the name implies, are those
where all the connections are (more or less) in the
same plane. In traditional, riveted construction each
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Figure 16.1 The influence of member choice and orientation on connection geometry

connection would have been centred around a single
gusset plate, as shown in Figures 16.2(a), (d), (g)
and (h). In this instance all the gusset plates would
have been coplanar with double-angle or channel
members for the top and bottom members and
single or double angles for the intermediate
components, In modern construction, with welded
connections it is frequently possible to omit the
gusset plates. The top and bottom members are now
likely to be Tees or single angles with unequal legs.
The intermediate angles are then welded directly to
the vertical elements of the top and bottom
members, as shown in Figures 16.2(b), (e), (f) and
(i)- Although most trusses are now welded, there
are occasions when bolted trusses are used, usually
where piecemeal transportation is required with
on-site assembly prior to erection.

Single-plane truss connections do not present
much difficulty in design, and provision for any local
eccentricity is considered in Section 16.4. Such
eccentricity can arise either because the element
centroidal axes do not intersect at a point or because
the connection centroid does not coincide with the
element centroid. (For angles the setting-out lines
are usually used instead of the centroidal axes.)
Design of gusset plates is discussed in Section 16.5
and the influence of partial connection on element
strength is covered in Section 16.6. However, the
examples in Figure 16.2 have been chosen to
illustrate particular aspects of truss connection
design, and these are discussed below.

The bolted apex connection shown in Figure
16.2(a) is usually designed on the assumption that all
the element forces are transmitted through the




16.2  Single-plane trusses 305

Figure 16.2 Typical connections for single-plane truss construction

central gusset plate. This is satisfactory provided
that all the nodes of the truss are held in plane by
some means. If, either during erection or in the
completed structure, there is any possibility of some
overall instability of the truss and associated
folding-up of the gusset plate then a splice plate
should be added to the top of the rafter members to
ensure adequate continuity of out-of-plane bending
stiffness.

The welded apex connection shown in Figure
16.2(b) does not have any such discontinuity in
out-of-plane bending stiffness. The two rafters may
be butt welded together as shown; alternatively, a
small division plate may be introduced, aliowing
fillet welds to be used. If long-stalk Tees are used for
the rafters it is usually possible to weld the
intermediate members directly to the stalk. (Though
more concerned with design of the truss than the
connections, it should be noted that the b/t of the
stalk will not generally comply with limiting
geometric criteria for compression members. A
reduced, effective, stalk should be used in the rafter
design; this is usually equated with the maximum
permitted outstand.) If other rafter sections are

used, it may be necessary to extend the downstand
as shown in order to develop sufficient weld length.

To facilitate transportation, site splices are often
introduced into welded trusses. Figure 16.2(c) shows
a suitable arrangement for a bolted site splice at an
apex. An end-plate connection is used, one plate
being extended downwards to provide an anchorage
for the central post.

Away from the apex, bolted truss connections will
generally take the form shown in Figure 16.2(d).
Once again, if there is any requirement for
continuity of out-of-plane bending stiffness or
strength, an additional splice plate should be
provided.

A typical welded truss detail is shown in Figure
16.2(e). If a gusset plate is to be avoided it is
frequently necessary to space out the intermediate
members, introducing local eccentricity to the
connection. This will generally lead to the most
economic truss, with connection simplicity more
than offsetting any penalty in element sizes. An
alternative solution, removing the eccentricity, is
shown in Figure 16.2(f). Here the intermediate
members are arranged on opposite sides of the truss.
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The principal disadvantage with this detail is that it
requires the truss to be turned over during
fabrication. If this can be arranged without signifi-
cant cost penalty the detail would seem to be a very
good solution. The resultant eccentricities out of the
plane of the truss can usually be accommodated by
bending of the web members.

Where bolted site splices are introduced into a
welded truss away from nodal connections, as also
shown in Figure 16.2(¢), it is again necessary to pay
proper attention to continuity, particularly for
compression members. ‘

Figures 16.2(g) and (h) are alternative arrange-
ments for the eaves connection of bolted roof
trusses. For most practical roof geometries, if
eccentricity is avoided, large gusset plates will be
necessary, as shown in Figure 16.2(g). It may well be
more satisfactory to permit eccentricity and reduce
the gusset plate size, as shown in (h). In both cases it
should be noted that the gusset plate is subject to
direct compression. Because of this, it is prone to
local buckling and should be sized accordingly. This
is discussed in detail in Section 16.5.

Finally, Figure 16.2(i) shows a welded truss eaves
connection which has been arranged to eliminate
eccentricity. For roofs of low pitch a very long
connection is produced. In such circumstances it is
probably preferable to curtail the connection and
design for the ensuing eccentricity.

16.3 Double-plane trusses

Double-plane trusses have two connection planes,
as shown in Figure 16.3. They were a very popular
form of construction in the days of riveted
construction when rolled sections had actual sizes
that were the same as serial sizes. Thus, if 24in
chord members were to be used with 20in web

8

members, a good fit could be achieved with 2 in pack
plates between the gusset plates and the web
members. In addition, because all the rolling
weights in the same serial size had the same depth, it
was a straightforward matter to vary web section
weights along the truss, or splice chord members of
the same size and different weight.

However, with modern rolling mills it is the
dimension between the inside faces of the flanges
that is kept constant. Different rolling weights are
obtained by varying the overall section depth.
Actual section depths may vary from nominal
depths by considerable margins.

It is now rare for actual section sizes for a practical
combination of web and chord truss members to
differ by an amount which is convenient for packing.
Thus for modern heavy truss design one of the
following must be adopted:

1. For bolted construction make the entire truss
from the same section. This is the simplest but
rarely the most economic solution. If it is
adopted, gusset plates may be used with the
overall configuration shown in Figure 16.3.

2. For welded construction make the entire truss

from the same serial size. Because the inside
dimensions of all universal sections of the same
serial size are the same, there will always be full
continuity of the lighter section. However, such
designs are subject to the reservations discussed
in Section 16.1.

3. Make the truss with rolled section web members

and fabricated chords. The chord members will
usually be deep channels or boxes fabricated
from heavy plate, although for light trusses the
solution shown in Figures 16.1(c) and (d) would
be very economical. As shown in Figure 16.4,
this enables the chord webs to be extended to act
as gussets and to be attached directly to the web

T:
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Section X-X

Figure 16.3 Typical connections for double-planc truss construction
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Figure 16.4 Typical connections in a truss with fabricated
chords

members. The resulting truss will have a pleasing
appearance but there are still severe restrictions
on the variation in web members along the span.
In addition, considerable care in welding se-
quence will need to be exercised if good fit is to
be achieved.

4. Alternatively, the truss may have rolled section
chords and fabricated web members. Laced or
battened web members can be fabricated so that
their depths are compatible with the chords.
Connections could then take the general form
shown in Figure 16.3, but without any necessity
for packs.

S. Finally, it is possible to have two separate planes
of web members, one centred around each of the
chord flanges, as shown in Figure 16.5. Here the
connections can be very similar to those adopted
in single-plane truss construction that were
illustrated in Figure 16.2.

Whatever type of double-plane truss is adopted,
design is generally straightforward; due account
should be taken of Sections 16.4-16.6, where
appropriate.
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Figure 16.5 Typical truss conncction with twin plancs of
webs

16.4 Gusset plate design

Rigorous analysis of gusset plates would be most
complex because of their proportions and the
presence of local loads. In practice, design is based
on very simple analysis to determine stress distribu-
tion and straightforward geometric criteria to ensure
that buckling does not occur. Because of this
simplicity, design calculations should be interpreted
with common sense; in critical situations calculated
thicknesses should be rounded up. The marginal
cost of increasing gusset plate thickness is small and
a change from, say, 12 to 15mm thickness will have
little effect on overall economy.

Local stresses arising from the load input from an
individual member may be checked on the basis of a
30° dispersal over the length of the connection, as
shown in Figure 16.6(a). In addition, critical
sections (for example, a~a in Figure 16.6(b)) should
be checked under combined direct, bending and
shear stresses. Calculations are generally based on
engineers’ bending theory, which assumes that plane
sections remain plane, notwithstanding the unusual
proportions of the ‘beam’.
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Figure 16.6 Critical scctions in gussct plates

It should be remembered that shear stresses in a
flat plate have a parabolic distribution with a
maximum value of 1.5 times the average. Where a
member joins the connection close to a gusset plate
edge it may be necessary to check non-linear critical
sections (for example b-b-b’ in Figure 16.6(b)). In
this instance it would be sufficient to assume that
b-b is carrying tension and bb’ is carrying shear.

Traditional geometric criteria for gusset plates are
presented in Chapter 7. Note that these are much
more slender than those permitted for other plate
elements such as stiffeners. It follows that they are
only suitable for situations where the elements being
connected effectively stabilize the gusset plate. If
this is not the case (for example, if there are high
compressive stresses near a free boundary or if there
is a region of gusset plate that is entirely unsup-
ported (as in Figure 16.2(g) if the dotted portion of
the rafter is curtailed), then more stocky criteria
should be used. Semi-compact criteria would seem
appropriate in such circumstances.

16.5 Provision for local eccentricity

Several types of local eccentricity commonly occur
in truss connections. In the plane of the truss,
member axes may not meet at a point and/or the
centroid of the connection may not coincide with the
centroidal axis of the connected member. Web
members, notably single angles, will lie outside the
principal plane of the truss which contains the
centroidal axis of the chord members. This section
discusses the first two types of eccentricity. Out-of-
plane effects are closely related to problems of
partial connection and are therefore discussed in
Section 16.6.

Figure 16.7 shows typical examples of in-plane
eccentricity. The moment P.e is resisted by all the
members framing into the connection. It is usually
distributed between them in proportion to their
bending stiffnesses (///). The member connections
should be designed to resist these moments in
addition to the axial forces.

Member connections are subject to additional
moments if the connection centroids do not coincide
with the member axes. For example, in welded lap
connections at the ends of angles the longer welds
may be on the edges of the legs, as shown in Figure
16.2(c). Traditional design texts differ in their
advice about the necessity of designing for these
latter moments. Certainly, if designed for, they add
considerably to the tedium of connection calcula-
tions.

A rational and time-saving way of allowing for
both moments is to base the design on axial load
capacity and then use the interaction diagrams for
weld and bolt groups subject to combined loading in

]
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Figure 16.7 Eccentricitics in truss connections. (a) Pratt
truss; (b) cross-bracing between plate girders




Chapter 8 to determine the increase in weld or bolt
group size that is necessary in order to accommodate
the coincident moments. If this procedure is
adopted it can be seen that modest moments only
reduce axial load capacity by 10-15%. With the
greater factors of safety inherent in traditional
connector design strength it is then clear why these
moments could be disregarded with impunity.

16.6 Partial connection

In many truss connections it is only feasible to
connect to part of the element cross-sections. In all
such cases this raises questions about how the load is
dispersed into the unconnected parts of the cross-
section. In cases where there is an out-of-plane
eccentricity (for example, where a single angle is
connected to a gusset plate) there are additional
questions about the effect of this eccentricity on
connection and element design.

In the first instance let us examine this eccentric-
ity. In the previous section any in-plane moment
arising from an eccentricity between the member
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Figure 16.8 Partial connections of tension members (a) to
flanges and (b) to web
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and its connection was assumed to be resisted by the
gusset plate, and the connection was designed to
transmit that moment into the gusset plate, That was
appropriate, because the in-plane rotational stiff-
ness of the gusset plate was considerably greater
than that of the member. When out-of-plane
moments are considered the situation is reversed.
The gusset plate now has a lower rotational stiffness
than the member and the moment must therefore be
resisted by the member. (This is allowed for in
traditional codes by requiring unconnected elements
to be considered as partially effective: in more
rigorous codes it may be necessary to consider the
element under combined axial load and moment.)
Because the moment is resisted by the member,
there is no need to take account of any out-of-plane
eccentricity moment on the connection. These
empirical Tules also take general account of load
dispersal in such members, though it may still be
necessary to check critical net sections in the
member.

Where there is no eccentricity it is still necessary
to consider partial connection effects in the types of
situation shown in Figure 16.8(a). In these cases
there is generally little or no codified guidance, and
the designer is left to his own devices, One approach
that has been suggested incorporates an empirical
efficiency factor (n) into the calculation of the
effective net section to take account of shear lag in
the unconnected web. Thus the effective net section
is given by 1} times the actual net section:

(-4

where # is the distance of the centre of gravity of
the half section from the connection plane
(as shown), and
L is the connection length.

The two disadvantages of this approach are that:

1. Tt suggests that it is impossible to achieve full
efficiency on the net section irrespective of
connection length; this is clearly nonsense.

2. Very low efficiencies are achieved for short
connections, i.€. it is not possible to mobilize the
flanges in such circumstances. It is difficult to see
how shear lag in the web can reduce flange
capacity significantly. This does not create
difficulties with practical connections if an
overstress is permitted on the net section because
yielding of the gross section will govern design.
However, it can lead to a significant loss in design
capacity if net section overstress is not allowed.

One rational alternative would be to base design
for short connections on the non-linear critical
sections a—b—c shown in Figure 16.8(a). Section a-b
is acting in tension and b—c is acting in shear. For
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long connections the normal a—b-b’-a would gov-
ern, at full efficiency.

An even more straightforward approach would be
to use a permitted dispersion concept for the
unconnected web. The appropriate dispersion angle
in the presence of the free boundary is 30°, and this
can be used to determine the proportion of the web
that may be considered to be effective.

Figure 16.8(b) illustrates another situation where
partial connection requires special consideration.
The plate strength in the immediate vicinity of the
bolts must be checked to ensure that resistance to
local tear-out is adequate. The net sections a-b and
c—d are in shear and the net section b— is in tension.
Design strength of the connection may be taken as
the sum of the net sections’ strengths.

Reference

1. Engineering for Steel Construction, AISC, 1984,

Commentary: 1/1

The design example is for a welded node for a
medium span N-girder truss. The members and their
layout have been chosen to avoid the use of gusset
plates. Although the aim is to avoid the use of gusset
plates, it is feasible (if found to be necessary at the
most heavily loaded nodes) to extend the vertical
legs of the boom angles locally by butt welding
gusset plates to the toes of the angles.




Worked example 111

311

Subject . Chapter Ref.
Structural Welded +truss cannechen e
Design Cod Calc. Sheet No.
Steelwork FIEE Bs S9S0 fost | Example V1
3 Calc. by Date Check by Date
Connections Epc | RS | £io0 |Now 57
Code Ref. Calculations Qutput

Welded +1ss conneckion .

Desan o welded connechon fov the_bottom beem
nede' ef an N- qirder trvss. The forme (due s
ored loads) dnd the member sizee are
shewn n the skekrh

- } ’r-\ 286 K 22-6
Swmm Filler f ,
welds all v
ownd

So

|

[

L 4
Yl —
2
Sechon A-A.

Vertical 152 x @9 [ 23-84
Daqgoned 2. No,i g0 x 80 x 8 angles.

»»»»»»

Tensien beam .Q;NO-X'SO;*?IQD X 10 angles
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Commentary: 1/2

The member load is shared equally between the
welds to the two boom angles.
Section 8.4.1

[rds = [as + [yds
The terms ixzds and [ y2ds are the second moments
of area of the weld group about the YY and XX axes
for a weld of unit width (throat thickness).

The interaction curve for a square weld group in
Figure 8.16 could be used for a quick design:

|
MEE:
I
|

8,

Maximum resultant shear on weld =
Average shear ignoring eccentricity

P/P, from curve
e
I must be calculated taking B = lesser of B, and B,:

For this example,

£ B0 1. o
- - O P()_ .77 from curve
Maximum resultant shear on weld = 195
428 x 0.77
= (0.592kN/mm

(Note: This approximate procedure is conservative,
but not unduly so for the proportions of normal
end-connection details.)
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Structural P Welded drvs contechion | T
Steelwork Pin 0o Bs 950 Part) Bemple 12
Connections  |“W%Lc (Phasr |00 | he e
Code Ref. Calculations Output

Connection fov vestical member.
Assume load +o be applied of centrsid of
Member. 390
Lcadparuddﬂm~p= A 195 kN

15-9 286
il

_ X
T “21 Tokal lcna*hcﬁ weld
" . = 2['7-5 + 8‘7]
T ' = L28 mm
X L ' '

}Jm-s‘ L34S]

_ al12.6? e 89 .

[ras = 2125+ 8% 026 BL 1 125 % 4t 5*]
= 1633 x 10°mm®

Moximum tesultont sheor on weld

- [ms- plasx159xuns]t [19sxiS9xea.s 1>
| [-633 x |o*

L28 33 %10¢

= j[o-usc + 0-084]*+ [O-ne1]”
= 0553 kN/mm

Cannechon for diagevial member.
Assume laad is applied ok centrsid of
Member el sl 2
= 231 = S5 kN
Lezd per qmp > 755

'Da'aarun overleaf
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Commentary: 1/3

Section 8.4.1

(See notes in commentary on previous page.)
Capacity of fillet weld = 0.7 x (leg length) x P,

The calculations to find the position of the centroid,
/”ds and the resultant shear can be rather lengthy
and a simplified design procedure is often adopted.

The simplified procedure used in this example is
to ignore part of the weld group so that the load
passes through the centroid of the remainder of the
weld group (i.e. the part used in the calculations).
With the load passing through the centroid there are
no moment calcuiations, which were somewhat
lengthy in the full elastic analysis.

The aim is to incorporate as much weld as possible
while keeping the calculations simple. In this
example the eccentricity is relatively small so that it
is possible to use all the weld on sides AB, BC and
CD with part of the weld on side AD to give the
correct balance about the line of action of the load.
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Subject yplajdled truss connectian

Chapter Ref.

Structural 6
Steelwork Pesign Code RS $950 Past | Evemple 1/3
Connections  |“5%. ["h. 0« |00 %%, w

Code Ref.

Calculations

Output

(131 1

Totad length of weld
=BO+I76T+113-) +96°7

2 Lhbb6S mm
Find centraid
Bq moements about AD
= __l__ . . $0
< s [90%80)4- 176 Tx 80 +113 n(_{]
= 4.6 mm

&1 Momcnfs obout AR
o= [|75-,,‘(l757)+\l3 lx(l767+‘i67)

2766 mm +=!67x(w-)]

[rrds = sox 706"+ _7_‘=.l+|"e7x('7"7 -7t 6)
+1130 % so + 113 :(ﬂs_b_ﬂb_" -7 e)

+qe 73+ qwx(ve (,-—%7)

+ gO° ?03 Bolaeq— EQ) + 176 7(8’0-—46"1)"

+l|3 | xS'o +H%I(4c,9_-80)

+qe7yaeqt
=2-093 w 10° mm?

E'cce,ni'ncﬂ;_' of load from cenfrou.-l of weld
qQroup O-469—22:6 = |0O*'SmMm
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Structura| Subject deed +russ oonned'm'n Chapter Ref.
Steelwork PesinCo® Bs 950 Part | Evarmple. /i
H Calc. b e Check b ate
Connections Kre  |PRacer | DL 5% s
Code Ref. Calculations Output
Maximoem resultant sheor on weld
- |[215:5 4 27s~suo-5x33-nf,'_r2-rs-sxao-suoo-ﬂ‘
466- 2-093x10* | | 2-093xjc* ]
;j(:o-s'ql + o-out)*+[o12e)*
=0'652 kN/mm
66 S Cn.pa.g"‘ of Smm fillet weld
3: O7xSx215x 073 S mm Fillet weldd
= 0753 kN/mm O.k. Use |adl round.
Sim Qh'ﬁv’ed prbcedure.
I 13 |
D . (N
Usma onL.' the
weld indicated For
the design, se that
the line oFactian of the
load passes +through
He centreid of the
Selected weld group.
Bu’ moments about line of load '
xSl + SO L+ N3N L=1TeT*22:6
x=]1'6 mm
Effechive length of weld=1767+80+ 113:1+ 1.0
=308 Mmm .
Shear on weld = 2755 = 0:723 kN/mm
390°8 Smm Ffiller
Use Smm Lillet weld] weld all reund
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Commentary: 2/1

The example illustrates the design of a bolted
connection for the first node from the end of the top
chord of a warren girder. The majority of lattice
girders are shop welded into transportable sections,
with site-bolted joints between the sections. How-
ever, fully bolted girders are still fabricated, usually
for reasons associated with shipping or erection.

Grade 8.8 ordinary bolts have been used in the
example. The connection is part of a deep lattice
girder with a relatively small number of nodes and a
depth-to-span ratio of 1/6. The additional deflection
due to any slippage of the bolts in their clearance
holes is acceptable. In general, if there is any doubt
about the additional deflection due to slippage being
acceptable then HSFG bolts should be used. (Note
that with M20 General Grade HSFG bolts the
capacity would be only 143kN per bolt in double
shear.)

The usual practice has been adopted of using the
bolt lines, instead of the centroids, for setting out
the members.

Shear capacity = p,A,

Bearing capacity = Py, = dipy,
P

Therefore, = —=
dpys

With Grade 8.8 bolts and Grade 43 steel the bearing

capacity of the connected ply is less than that of the

bolt.
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Subject Bo lted gussel plate

Chapter Ref.

Structural | connechen for truss [t
Steelwork DN 0% B3 5450 Pask B e )
. Calc. b Check b
Connections O b e b
Code Ref. Calculations Output
, Bolted qusset plate connechon for Truss
. Desian & bolted aussef plate connechion
f‘or e members “and factered loads shown
in the skeitch. 2
; v
. &0
‘- o
as
?kN
/é/lfoxlsxcii_lr
' 2)ico¥esx 87
cl
4oox20plxTio
2/1sexi5ox12. I
‘ & Bols M20 €:8 grade
H 5( . 2.2 mm diameter holes
" s‘zsg——-‘\ho nil steel gra.de 43
) us s
. frs. |
3 se M20 8-8 boelts in double shear.
6-32 | Shear ihy (pes holf)
Table 32 :2»«375‘ 2245 x10°3= 1837 kN
6:3:3 | Minimum thickness. of ‘ploi‘c in bearahs
Table3s| ~ =1837 x10® = 25.0 mm
R R 20mm hic

Qu sset plate

© . Use 20mm thik qussel
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Commentary: 2/2
Section 8.2.6

It has been common practice to ignore eccentricity
when calculating the number of bolts required.
However, with the two lines of bolts the eccentricity
can have a relatively large effect on the bolt load (an
increase of 46% in this example). With higher
allowable design stresses in modern standards, it
would appear to prudent to include the more
significant eccentricities in the design. If the
interaction curves in Figure 8.6 are used:

If the interaction curves in Figure 8.6 are used:
@ =55mm b= 180mm D = V(55 + 1807)

188 mm
2 _3 43 (55 — 41.2 + 23.6)
—=—=0. e = - 41, .
b 180 = 37.4mm
D
Estimate of o = tan"(—) = tan™! (ﬂ_)
de 4 %374
= 51.5°

From the interaction curve — = ().7
0

870
Load per boit ignoring eccentricity = —7—
= 124.3kN
< 183.7kN
Use seven
bolts

Maximum bolt load including eccentricity
124.3
= ——— = 178kN
0.7

Still use 7 bolts
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20 X 4L b0

Combined thickness of attached ’a:as of the
tension dio.sencd =z 2x8=1b< 20 mm
Therefore, aapacity per bolt for tensian
d'tc_z‘go)na.l (bearing acity of connected
ples

.
—

Cmpression diagened (2/ 156 x15e x 127
Number of bolls requited ignering eccentricity

2x20%x8 xL4box |0 3= 1472 kN

= 370 = 47
| 837
Ty 7 bolks
¥ = 3%xS5S = 23:bmm
=
‘5 = 2¥60 +2.%|20 + %180 = 77| mm

=
Slx+yr)= Lx 2362 + 3 But+ 2577
F2XIT 2+ 2% 292+ I xj02-9*
= 31,929 mm*

Moment = 870%x(55-41-2+23:6)=32538 Nm

Subject Polhed gussel plate Chapter Ref.

Structura| connechen for truss. It
esign Cod . Calc. Sheet No.

Steelwork Desian Code B3 S950 Paust 1. Exomple 2/2.
Connections |30 %A, en |“ %o |[FWesr
Code Ref. Calculations Output
6:3-3:3[ Minimum end distanca for gusset plate
Toble 33 = 2%x1837«x 16% = 239:.9 mm
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Commentary: 2/3

For the tension diagonal, the maximum increase in
shear on a bolt due to the small eccentricity is less
than 10% and does not affect the number of bolts
required.

Tension capacity = A.py

For the top chord, the maximum increase in shear
on a bolt due to eccentricity is again less than 10%
and does not affect the number of bolts required.

Section 16.4 (see Figure 7.8)

The increases in bolt shear due to eccentricity can be
estimated from the interaction curves (Figures 8.7
and 8.6).

Tension capacity = (effective width) X d X p,
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subject Bolted gussel plate

Chapter Ref.

Structural Connechon truss. 16
Steelwork DuinCode @5 Saso Rarkl  |Z0TTNI 0)3
Connections  [“%c (PR e7 |“4ho  |Wem
Code Ref. Calculations Qutput

MoxiMmum resulteont shear on bolt

=j[8_’72+ 32538 ng-e.]ﬁ [39_533x 1029 ]’-

7 31929 31929
=ﬁ2:+-2q + 2u-05] 4+ [loy-8e]*
- 18- 1827 k 7/M20 -8
1817 kN <183 N Use T bolts |[bolts in comp”
dl'a.adned

Tension dhogonel (2/100 x6S x 8—”_)

= 1842 mm

Tensien capa.c:d—d
L =976 kN
.. 870 kKN

Number oF bolts requu;ed l'tanor'ins ecmnfridi's
3:S§S

= S22 .
14772 4/M20 8:8
Use L4 bolts 5ol+s indfenscbn
’
Check tensien capacit
Lt 33| EfFechve area = 1276 — 22%8)
= 2188 mm?
YN Tension capacihy = 2188 %275 %1073
d : bOI'7 kN
>522 kN o.k.
[op cherd (2/1Sox1Se x127][)
Number qub;l'f’s requifed ignoring eccentriciRy
= L = S\
1837 7/M20 B-8
Use 7 bolts. boH’S in cherd
GQGusset plate .
Check Sechion a-a
Tateing 30° spread from extreme bolts,
effective width = |I80+on 30+ SS + |20 ten3o

—2 X222

- 18L+2. x20%¥265 x 1073

o.K
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Commentary: 2/4

Half of the chord load of 984 kN has been assumed
to be transferred to the gusset plate on each side of
section c—.

Horizontal force in gusset place at section c—

. 984
= (Horizontal component of 870kN) + 0 — EY
Shear force = vertical component of 870 kN
Shear capacity = 0.6 p, x 0.9 tD
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Structural st Bolteg) Yyooey Pli= [
Steelwork Puin O sase Parti Exarmple 2/t
Connections  |“%%c (Y. 97 |GEb  |“Rev's7

Code Ref. Calculations Output

P
S S T S
H

s

P
N

ot
M% ‘“

H H
-
L

-3

ki
M? ¥
1
S
§12:3
N SO

T

FO

: i

O
L:8.2

-

I
‘;\ &

K
S—-

!

¥
B

% H
B
kb
o A

i
Ao

PO O

P

Pk

b
Ch o
R

v ok $

.

N H

Sectien b-b b.k' by ln'SPe:hb'n
Checle section C-c

’ -L_]F_
876~ 98, =123kl $

¥
w
_:5 0
" 4
.
-3
Shear Cnpacu'fd 2 Obx265x0'q9x20%xLOO% (O
Lo = 1145 kN
> &IS kN o.k.
Eﬁsnbn and moment
F L Mg - 123%10° 123 % (200-L4a)x 10°

2b 265 * 2ox% koot
AePy Pyex uOO¥20% s ‘H:

2 O+0S8+ 0139
= 0197 & | a.K.

ST SR,
é.‘
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HSFG is used as an abbreviation for high strength friction grip

Access for fabrication/assembly,
131-132
Analysis, 106-127
bolted groups
and eccentric loading, 112-114
interaction diagrams, 110-112
and shear plane shecar/moment,
106-112
shortcomings of analysis, 1, 56
of fatigue, 86-87
of prying of bolts, 62-63
difficulties, 61-62
force position, 64
and preloading, 63-64
of splices, and load partition,
139-140
traditional, shortcomings of, 5-6
of weld groups, in
shear/moment/torsion,
114-119
approximate, 114-115
interaction diagrams, 115-119
traditional, 114
see also Elastic analysis; Plastic
analysis

Battened columns, 298
Beam-to-beam connections, 244-259
design examples, 248-259
girder, cross/main, 246-247
grillage, 244-246
moment-resisting, 244-245
notched secondary beams, 245
246
simple, 244
Beam-to-column connections,
186-243

326

Beam-to-column conncections (cont.)

design examples
cleat, scating, 196-199
cleat, web, 200-205, 206-211,
216-219
cnd-plate, 212-215, 220-243
rigid connections, 190-196
heavy construction, 192-194
office buildings, 190192
stiffening, 194-196

rigidity and sway/no-sway, 186-187

semi-rigid connections, 190

simple connections, 187-190
cleats, shop-welded, 188-189
cleats, web, 189
clip/seating angle, 187-188
end plates, 189-190
shear plate, 190

Beams
crane supports, 300-301
splices

bolt testing and load cccentricity, 1

bolted plates, 140-141
butt-welded, 140
design examples, 146-151
end-plate, 142-143
hybrid, 141-142
welded plates, 141
Bolted connections
access requirements, 131
analysis
and eccentric loading, 112-114
and shear plane shear/moment,
106-112
brackets, 297-298
choice, economic
dowel vs. HSFG, 130-131
vs. welding, 129

Bolted connections (cont.)

design example, eccentric loading,
120-123
dowel bolts in shear, 52-58
behaviour in bearing, 52-53
bolt bearing, 55
bolt shear, 53-54
clearance holcs, 52
design, 57-58
multibolt, 55-57
single-bolt, net section, 53
single-bolt, plate bearing, 54-55
fatigue
Codec of Practice, BS, 79
behaviour in tension, 77-78
for holding-down, design, 171-
172
HSFG
analysis shortcomings, 1, 5-6
design philosophy application,
9-11

in shear, 66-73
in shear and tension, 74
in tension, 73-74
layout in, 41
for portal frame eaves, 262-263
splices
beam, 140142
column, 143-144
in tension, 58-65
bolt behaviour, 58, 60-61
design strengths, 65
multibolt, 65
prying action, 61-65
Bolts
bearing bolts, see Dowel bolts
bearing, under shear and tension,
65-66




Bolts (cont.)
dowel, 27-30
bearing, 55
geometry, 28
installation/tightening, 30
mcchanical properties, 27-28
thread profile/tolerance, 28-30
fatigue behaviour in tension, 77-78
for frame conncctions, cnd plates,
189-190
holding-down/foundation, 35,
37-38, 174-175
connection design in, 171-172
and fatigue loading, 175
geometry, 38
installation/tightcning, 38
mechanical propertics, 38
and static loading, 174
holes, 4041
design, and economy, 132-134
and cffective section, 104
and loading, local in-plane, 93-94
HSFG, 30-35
geometry, 32-33
installation/tightening, 34-35
load-indicating devices, 35
mechanical properties, 32
tensile behaviour, 69
thread profile/tolerances, 33-34
Huck, 39
inspection/testing, 40
ordinary bolts see Dowel bolts
resin-packed, 39-40
Box columns, rigid connection,
193-194
Brackets, 296-298
bolted, major axis, 297-298
dcsign and slenderness limitations,
92-93
minor axis, 298
stiffencr design, 92
welded, major axis, 296-297
Bridges
design for out-of-plane loading, 105
girder connections, cross/main,
246-247
BS, see Standards and
rccommendations
Buildings, office, rigid frame
connections, 190-192
Butt welds/welding
behaviour, 4344
design, 44-45
of portal frame apex, 266
of splices
beams, 140
columns, 143
Buttering weld, 23

Carbon equivalent and hydrogen
cracking, 22
Carbon-dioxide welding, see
Gas-shielded welding
Cleats
seating, 188-189

Cleats
seating (cont.)
design example, 196-199
web, 189
design cxamples, 200-205,
206-211, 216-219
Codes of Practice, see Standards and
recommendations
Cold cracking of welds, 21-22
Cold sawing, 134
Column bases, 168185
adjustment provision, 173-174
design examples
axial load and moment, 180~
185
concentric axial load, 176-179
fixed/axial load and moment,
170-171
base plate design, 171
effective areas, 170-171
clastic design, 170
foundation bolts, 175
holding-down bolt design, 171-172
holding-down bolt details, 174-175
and fatigue loading, 175
and static loading, 174
pinned/axial load, 168-169
cffective arcas, 168-169
traditional design, 168
shear resistance, 172-173
Columns
box, rigid connection, 193-194
built-up
battened, 298
laced, 299
connections, and concrete
tolerance, 173-174
splices, 143-144
design example, 160-167
see also Beam-to-column connections;
Brackets
Concrete dimensional tolerance,
173-174
Cranes, 299-302
beam lateral supports, 301
beam vertical supports, 300-301
fatigue potential, 299
gantry end stops, 301-302
Critical sections, 94-95

Design, 1-12
philosophy, 7-11
application, 8-11
component force paths, 7-8
ductility, 8
overall behaviour, 7
serviceability/fatigue resistance,

traditional analysis shortcomings,
5-6
and uncertainty
and complexity of behaviour,
1-4
theory vs. practice, 1
see also Economy in design

Index 327

Design cxamplcs
beam-to-beam connections,
248-259
beam-to-column connections
cleat, web, 200-205, 206-211,
216-219
cnd-plate, 212-215, 220-243
seating cleat, 196-199
bolted connections, with eccentric
loading, 120123
column bases
axial load and moment, 180-185
concentric axial load, 176-179
portal frame connections
apex end-plate, 284-295
caves end-plate, 268-283
splices
beam, bolted plate, 146-151
column, bolted plate. 160-167
plate girder, bolted plate,
152-159
trusses
N-girder, welded, 310-315
warren girder, bolted, 316-323
weld group, with eccentric loading,
124-127
Dispersion rules, and in-planc
loading, 95-96
Dowel bolt connections in shear,
52-58
behaviour in bearing, 52-53
bolt bearing, 55
bolt shear, 53-54
clearance holcs, 52
design, 57-58
multibolt, 5557
bearing in, 56-57
and hole mismatch, 55-56
large connections, 57
net sections, 55
single-bolt
net section, tension on, 53
plate bearing, 54-55
Dowel bolts, 27-30
choice, economic, vs. HSFG,
130-131
geometry, 28
installation/tightening, 30
mechanical properties, 27-28
shear strength, 53-54
thread profile/tolerance, 28-30
Drilling, 133
Dye penetrant weld testing, 24

Economy in design, 128137

and access, 131-132

choice of connection, 129-131
bolted, dowel vs. HSFG, 130-131
welded vs. bolted, 129
welded, fillet vs. butt, 129-130

costs, material/labour, 128

and economy of completed

structure, 128-129
edge/end preparation, 134
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Economy in design (cont.)
erection, 135, 137
fabrication, 134-135
holing, 132-134
weld preparations, 132

Edgc preparation, 134

Elastic analysis
of bolt groups

with superposition, 107-108
without superposition, 108
ol column bases, 170
of portal framcs, 260-261
of welded connections, 114

Electrodes, welding, classification, 17

Elcctroslag welding, 15-16
fluxes for, 17

Erection, economic, 135, 137

Fabrication, economic, 134-135
Fatigue, 75-88
behaviour
in bolted joints in shear, 78
in bolts/bolted joints in tension,
77-78
in parent material, 77
in welds/welded structures, 77
concepts, 75-76
in cranes, 299
design, 85-87
analysis, 86-87
load paths, 85-86
stress concentrations and, 76-77
variable amplitude loading, 87
design data, 78-85
BS 5400, 78-79
offshore, Guidance Notes, 84-85
onshore, BS 5500, 84
and scrviccability, 8
stress concentration factors, 79,
83-84
and girder connection, cross/main,
247
improving/remedying, 87-88
of cracks, 88
peening, 88
weld machining/profiling, 87-88
weld toe grinding, 87
Fillet welds
analysis shortcomings, 6
behaviour, 45-47
design, 47-49
and ductility, 49
full strength, 48
long weld effects, 51
short widely spaced side, 50-51
single-sided in tension, 50
strength assessment, 48
for framc cnd-plates, 214
geometry, 49-50
Finite element analysis for
concentration factors, 83-84
Flame cutting, 134
Flux classification, 16-17
Foundation/holding down bolts, 35,
37-38, 174-175

Foundation/holding-down bolts
(cont.)
connection design in, 171-172
and fatigue loading, 175
gecometry, 38
instatlation/tightening, 38
mechanical properties, 38
and static loading, 174
see also Column bascs
Frames, see Beam-to-beam
connections; Beam-to-column
connections

Galvanizing, and HSFG bolt friction,
68
Gamma-ray weld testing, 24-25
Gas-shielded welding, 14-15
fluxes for, 17
Girders
cross/main connections, 246-247
plate
rigid connection, 193-194
splices, design example, 152-159
Grillage connections, 244-246
moment-resisting, 244-245
notched secondary beams, 245-246
simple, 244
Gusset plate design for trusses,
307-308

Haunches
in heavy frame construction, 193
in portal frame eaves, 264-265
Holding-down bolts, see
Foundation/holding down bolts
Holes, 4041
design, and economy, 132-134
oversizing, 133
positioning, 134
punching vs. drilling, 132-133
slotting, 133-134
and effective section, 104
and loading, local in-plane, 93-94
Hot cracking of welds, 22
HSFG bolted connections
analysis shortcomings, 1, 5-6
design philosophy, 9-11
in shear, 66-73
behaviour, 6667
and bolt tension relaxation,
70-71
design, 72-73
fatigue behaviour, 78
friction, 67-69
multibolt, 71-72
preload and shear capacity, 70
in shear and tension, 74
in tension
behaviour, 73
design, 73-74
preload relaxation, 73
HSFG bolts, 30-35
choice, economic, vs. dowel,
130-131

HSFG bolts (cont.)
geometry, 32-33
installation/tightening, 34-35
load-indicating devices, 35
mechanical properties, 32
tensile behaviour, 69
thread profile/tolerances, 33-34
Huck bolts/fasteners, 39
Hydrogen cracking of welds, 21-22
Hyzed steel, specification, 3

Inspection, see Testing/inspection
Interaction diagrams
in bolt group analysis, 110-112
in weld group analysis, 115-119
ISO, see Standards and
recommendations

Laced columns, 299
Lamellar tearing of welds, 22-23
Loading, local
in-plane
dispersion rules, 95-96
sections, effective/critical, 93-95,
98
stiffener design, 97-98
strength assessment, 96
out-of-plane, 99-105
axial stresses and plate strength,
104-105
design, 105
holes, and effective section, 104
plates with multi-sided support,
102-104
Tee stubs, 99-102

McCauley’s method for bolt prying,
62-63

Magnetic particle weld inspection, 24

Manual metal arc (MMA) welding,
13-14

Metal active gas (MAG)/inert gas
(MIG) welding, see Gas-shielded
welding

Mill scale and HSFG bolt friction,
67-68

Milling in edge preparation, 134

Miner’s rule and variable stress, 87

Modelling for concentration factors,
84

Morris stiffener in portal frame eaves,
265

Nuts
for dowel bolts, mechanical
properties, 2728
for HSFG bolts
geometry, 33
mechanical properties, 32
testing, 40
ordinary bolts see Dowel bolts
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Notes, 84-85

Peening, 88
Plastic analysis
of bolt groups, 108-110
of portal frames, 261
Plate girders
rigid connection, 193-194
splices, design example, 152-159
Plates
axial stresses and bending strength,
104-105
edge preparation, 134
multi-sided support design, 102-104
Portal frame connections, 260-295
apex, 265-267
bolted splices, 266
butt-welded, 266
end-plate, 266-267
design examples
apex end-plate, 284-295
eaves end-plate, 268-283
caves, 261-265
behaviour, 261
bolted splices, 262-263
end-plate with haunches,
264-265
end-plate without haunches,
263-264
welded, 261-262
and frame design, 260-261
location, 260
optimization, 260
stability, 267
Prying of bolts in tension, 61-65
analysis, 62-63
difficulties, 61-62
force position, 64
and preloading, 6364
formulae/test comparisons, 65
and tee stub design, 102
Punching, 132-133

Radiographic weld testing, 24-25
Rainflow/Reservoir Methods for
stress history, 87

Rivets, 35

holes, 4041

singlc shear ratio, 53-54

in truss construction, 303-304
Rust, and HSFG bolt friction, 68

Shcar strength

dowel bolts, 53-54

rivets, 53-54
Ships, weld defects and fitness for

purpose, 23-24

Slenderness limitations, 89-93

and design, 90-93

geometric critcria and stresses, 90
Slip testing for HSFG bolts, 68
Solidus in welds, 22

Splices, 138-167
analysis and load partition, 139-140
beam
bolted plates, 140-141
butt-welded, 140
design examples, 146-151
end-plate, 142-143
hybrid, 141-142
welded plates, 141
column, 143-144
continuity and instability, 138-139
design examples
beam bolted plate, 146-151
column bolted plate, 160-167
plate girder bolted plate, 152-159
Jocation, 138
for portal frame connections
apex, 266
eaves, 262-263
Standards and recommendations
bearing bolts, strengths, 57-58
column bases, pinned/axial load,
168
design recommendations
bolts in shear and tension, 66
bolts in tension, and prying, 65
dowel bolts
strength, 27
thread profiles, 28-30
fatigue data
BS 5400: Part 10, 78-79
BS 5500 for onshore design, 84
Guidance Notes for offshore
design, 84-85
HSFG bolts
geometry, bolt/nut/washer, 32-33
hole sizes, 40
mechanical properties, 32
strength, 72-73
loading, out-of-plane, 105
welding
butt weld design, 4445
electrode/flux classifications, 17
fillet weld design, 47-48
preparations, and economy, 132
Stiffeners
design, and in-planc loading, 97-98
choice, 97-98
effective section, 98
Morris, in portal frame caves, 265
Stresses
distribution and geometric
complexity, 34
residual, 3
spectrum analysis, 87
Submerged arc welding, 15
Superposition in bolt group analysis,
107-108

Tee stubs
design, and prying, 102
and out-of-plane loading, 99102
yield line analysis, 100-101
Testing/inspection
of HSFG bolts, 40
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Testing/inspection (cont.)
of welds, 24-26
access requirements, 131-132
dye penetrant, 24
magnetic particle, 24
radiographic, 24-25
ultrasonic, 25-26
visual, 24
Threads, bolt
profile/tolerance
dowel, 28-30
HSFG, 33-34
stripping in tension, 61
Torque/tension interaction of HSFG
bolts, 69
Trusses, 303-323
design examples
N-girder, welded, 310-315
Warten girder, bolted, 316-323
double-plane, 306-307
and eccentricity, local, 308-309
economy in design, 303
gusset plate design, 307-308
partial connection, 309-310
single-plane, 303-306
Tubular joints, offshore design
guidance, 84

Ultrasonic weld testing, 25-26
Uncertainty in design
and complexity of behaviour, 14
geometric complexity, 3-4
and gcometric imperfection,
1-3
and stresses/strains, residual, 3
theory vs. practice, 1
Undercut defects in welding, 19-20

Washers
for dowel bolts, 28
for HSFG bolts
geometry, 33
mechanical properties, 32
Welded connections
access requirements, 131-132
analysis, shear/moment/torsion,
114-119
approximate, 114-115
interaction diagrams, 115-119
traditional, 114
brackets, 296-297
choice, economic
vs. bolting, 129
fillet vs. butt, 129-130
design example, eccentric loading,
124-127
for portal frames
apex, 266
eaves, 261-262
splices
beams, 140, 141-142
columns, 143, 144
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Welds/welding, 13-26
butt
behaviour, 4344
design, 44-45
defects, 19-23
cold cracking, 21-22
of fusion, 21
hot cracking, 22
lamellar tearing, 22-23
of penetration, 20-21
porosity, 21
slag inclusion, 20
undercutting, 19-20
distortion
control, 18-19
shrinkage, 2-3
clectrode classification, 17
fatigue
behaviour, 77
Code of Practice, BS, 79
life, 75

performance improvement,

87-88

Welds/welding

fatigue (cont.)
and stress concentrations,
76-77
fillet
analysis shortcomings, 6
behaviour, 45-47
design, 4749
geometry, 49-50
long weld effects, 51
short widely spaced side, 50-51
single-sided in tension, 50
strength assessment, 48
fitness for purpose and repair,
23-24
flux classification, 16-17

inspection/non-destructive testing,

24-26
dye penetrant, 24
magnetic particle, 24
radiography, 24-25
ultrasonic, 25-26
visual, 24

Welds/welding (cont.)
preheating, 19
preparation, 17-18
and economy, 132
processes, 13-16
automatic/continuous coated
electrodes, 14
common features, 13
electroslag, 15-16
gas-shielded, 14-15
manual metal arc (MMA),
13-14
submerged arc, 15

X-ray weld testing, 24-25

Yield line analysis for Tee stubs,
100-101
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