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Preface

The 4th GeoShanghai International Conference was held on May 27–30, 2018, in
Shanghai, China. GeoShanghai is a series of international conferences on
geotechnical engineering held in Shanghai every four years. The conference was
inaugurated in 2006 and was successfully held in 2010 and 2014, with more than
1200 participants in total. The conference offers a platform of sharing recent
developments of the state-of-the-art and state-of-the-practice in geotechnical and
geoenvironmental engineering. It has been organized by Tongji University in
cooperation with the ASCE Geo-Institute, Transportation Research Board, and
other cooperating organizations.

The proceedings of the 4th GeoShanghai International Conference include eight
volumes of over 560 papers; all were peer-reviewed by at least two reviewers. The
proceedings include Volumes 1: Fundamentals of Soil Behavior edited by
Dr. Annan Zhou, Dr. Junliang Tao, Dr. Xiaoqiang Gu, and Dr. Liangbo Hu;
Volume 2: Multi-physics Processes in Soil Mechanics and Advances in
Geotechnical Testing edited by Dr. Liangbo Hu, Dr. Xiaoqiang Gu, Dr. Junliang
Tao, and Dr. Annan Zhou; Volume 3: Rock Mechanics and Rock Engineering
edited by Dr. Lianyang Zhang, Dr. Bruno Goncalves da Silva, and Dr. Cheng Zhao;
Volume 4: Transportation Geotechnics and Pavement Engineering edited by
Dr. Xianming Shi, Dr. Zhen Liu, and Dr. Jenny Liu; Volume 5: Tunneling and
Underground Construction edited by Dr. Dongmei Zhang and Dr. Xin Huang;
Volume 6: Advances in Soil Dynamics and Foundation Engineering edited by
Dr. Tong Qiu, Dr. Binod Tiwari, and Dr. Zhen Zhang; Volume 7: Geoenvironment
and Geohazards edited by Dr. Arvin Farid and Dr. Hongxin Chen; and Volume 8:
Ground Improvement and Geosynthetics edited by Dr. Lin Li, Dr. Bora Cetin, and
Dr. Xiaoming Yang. The proceedings also include six keynote papers presented at
the conference, including “Tensile Strains in Geomembrane Landfill Liners” by
Prof. Kerry Rowe, “Constitutive Modeling of the Cyclic Loading Response of Low
Plasticity Fine-Grained Soils” by Prof. Ross Boulanger, “Induced Seismicity and
Permeability Evolution in Gas Shales, CO2 Storage and Deep Geothermal Energy”
by Prof. Derek Elsworth, “Effects of Tunneling on Underground Infrastructures”
by Prof. Maosong Huang, “Geotechnical Data Visualization and Modeling of Civil
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Infrastructure Projects” by Prof. Anand Puppala, and “Probabilistic Assessment and
Mapping of Liquefaction Hazard: from Site-specific Analysis to Regional
Mapping” by Prof. Hsein Juang. The Technical Committee Chairs, Prof. Wenqi
Ding and Prof. Xiong Zhang, the Conference General Secretary, Dr. Xiaoqiang Gu,
the 20 editors of the 8 volumes and 422 reviewers, and all the authors contributed to
the value and quality of the publications.

The Conference Organizing Committee thanks the members of the host orga-
nizations, Tongji University, Chinese Institution of Soil Mechanics and
Geotechnical Engineering, and Shanghai Society of Civil Engineering, for their
hard work and the members of International Advisory Committee, Conference
Steering Committee, Technical Committee, Organizing Committee, and Local
Organizing Committee for their strong support. We hope the proceedings will be
valuable references to the geotechnical engineering community.

Shijin Feng
Conference Chair

Ming Xiao
Conference Co-chair
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Induced Seismicity and Permeability Evolution
in Gas Shales, CO2 Storage and Deep

Geothermal Energy

Derek Elsworth1(&), Kyunjae Im1, Yi Fang1,2, Takuya Ishibashi1,3,
and Chaoyi Wang1

1 Energy and Mineral Engineering, G3 Center, EMS Energy Institute,
Pennsylvania State University, University Park, USA

elsworth@psu.edu
2 Institute for Geophysics, The University of Texas at Austin, Austin, USA
3 Fukushima Renewable Energy Institute, National Institute for Advanced

Industrial Science and Technology, Koriyama, Fukushima, Japan

Abstract. Contemporary methods of energy conversions that reduce carbon
intensity include sequestering CO2, fuel switching to lower-carbon sources, such
as from gas shales, and recovering deep geothermal energy via EGS. In all of
these endeavors, either maintaining the low permeability and integrity of caprocks
or in controlling the growth of permeability in initially very-low-permeability
shales and geothermal reservoirs represent key desires. At short-timescales of
relevance, permeability is driven principally by deformations – in turn resulting
from changes in total stresses, fluid pressure or thermal and chemical effects.
These deformations may be intrinsically stable or unstable, result in aseismic or
seismic deformation, with resulting changes in permeability conditioned by the
deformational mode. We report observations, experiments and models to repre-
sent the respective roles of mineralogy, texture, scale and overpressures on the
evolution of friction, stability and permeability in fractured rocks – and their
interrelationships. The physics of these observed behaviors are explored via
parametric studies and surface measurement of fractures, showing that both
permeability and frictional strength are correlated to the fracture asperity evolu-
tion that is controlled in-turn by the sliding velocity and fracture material.

Keywords: Induced seismicity � Permeability evolution � Shale gas
CO2 sequestration � EGS

1 Introduction

The presence of pre-existing faults and fractures in the upper crust (Anderson and
Zoback 1982; Curtis 2002) contribute to induced seismicity as a result of fluid injection
in hydraulic fracturing, deep storage of CO2, and stimulation of EGS reservoirs
(Ellsworth 2013; Im et al. 2017; Guglielmi et al. 2015; Majer et al. 2007; McGarr et al.
2002; Walsh and Zoback 2015). In all of these, either maintaining the low permeability
and integrity of caprocks or in controlling the growth of permeability in initially
very-low-permeability shales and geothermal reservoirs are key desires. Hence, it is of
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particular interest to understand the seismicity-permeability interaction in caprocks and
unconventional reservoirs.

Mechanically, the occurrence of induced seismicity depends on the shear strength
and the frictional stability of a fault - which in-turn depends on its mineralogical com-
position (Ikari et al. 2011; Fang et al. 2017). The weakness of natural faults can be
explained by the presence of frictionally weak minerals, including talc (Collettini et al.
2009; Moore and Rymer 2007). Early experiments using synthetic mixtures of salts and
muscovite/kaolinite (Bos and Spiers 2002; Niemeijer and Spiers 2006) showed that
weakening can occur with as low as 10 wt% (weight percentage) of frictionally weak
minerals. Shear experiments using mixtures of talc and quartz sand (Carpenter et al.
2009) suggested that 30 wt%–50 wt% of frictionally weak minerals were required to
weaken the composite gouge – much larger percentages than that observed in some
natural weak faults. This difference can be explained by the presence of a structured
through-going layer of weak minerals (e.g. talc), which weakens the fault. These
observations pose the question of what proportion and in what arrangement frictionally
weak minerals are needed what may be their impact on the evolution of rheology and
permeability. Experiments (Moore and Lockner 2011; Niemeijer et al. 2010) suggest that
the frictional strength of gouge decreases systematically with an increase in thickness of
weak stable layers. Additionally, coupled shear-permeability experiments suggest that
the permeability evolution of faults is likely linked to such mineralogical properties
(Ishibashi et al. 2016).

Permeability is known to change during shear deformation (Elsworth and Goodman
1986). It has been widely observed that failure may occur stably (aseismically) at slow
creep rates of long duration (order of 1–100 mm/yr) or unstably (seismically) at fast
frictional sliding rates of short duration (order of 1 m/s) (Anderson et al. 1996; Peng and
Gomberg 2010; Schmidt et al. 2005). The stability of sliding is governed by the frictional
properties of faults and can be described with rate-and-state friction laws (Dieterich
1979; Marone 1998; Ruina 1983; Scholz 1998). These studies provide potential insights
into the rheological response of caprocks and unconventional reservoirs with regard to
the mode and timing of induced earthquakes. However, it is still unclear whether dif-
ferent styles of permeability evolve from unstable fast sliding of seismic events versus
slow-slip aseismic events. In this study, we integrate both experimental and computa-
tional methods to explore how fracture permeability changes in response to fracture
reactivation; identify hydraulic behavior for different rock types; and probe the rela-
tionship between frictional strength with respect to mineralogical composition. We
explore these questions through (1) evaluating seismicity permeability relationships of
fractures, (2) defining the role of healing and sealing on response, and in (3) representing
these behaviors through coupled micromechanical models.

2 Seismicity-Permeability Observations

Induced seismic or aseismic events are primarily controlled by the frictional response
of faults or fractures during dynamic shearing. The evolution of frictional strength
during fracture slip may be generally interpreted in the framework of rate- and
state-dependent friction theory (Dieterich 1979; Ruina 1983) as,
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where, upon a velocity increase from v0 to v (Fig. 1a), the friction coefficient (l)
increases from a reference steady state (l0), by an instantaneous so-called direct effect,
and then evolves to a new steady state (evolution effect) over a characteristic critical
slip distance (Dc) (Fig. 1b). h is a state variable. The parameters a and b are scaling
factors that define the frictional stability. If friction increases with a velocity increase,
the material is velocity-strengthening, leading to stable/aseismic slip (i.e., (a − b) > 0).
Conversely, if ultimate friction decreases with a velocity increase, the material is
velocity-weakening (i.e., (a − b) < 0), a necessary (though not sufficient) condition for
stick-slip behavior associated with earthquake nucleation (i.e., potentially unstable slip)
(e.g., Marone 1998; Scholz 1998).

Of specific interest is whether the response of fracture permeability is linked to the
frictional strength and frictional stability or not (Fig. 1c). To explore such a link, fracture
permeability may be monitored as an instantaneous step in shear velocity is applied, to
implicitly link observations of frictional and permeability evolution. Abundant experi-
mental studies have revealed the values of frictional strength and frictional stability that

Fig. 1. (a) Step change in the load point velocity during fracture shearing, (b) Idealized rate- and
state-friction response to an increase in load point velocity. Two alternative behaviors (i.e.,
velocity strengthening and velocity weakening) are shown, and (c) Predicted responses of
fracture permeability to an increase in load point velocity.
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follow a reversal relationship, which is controlled by the mineral compositions. These
behaviors may be divided among three mineral groups: tectosilicates, carbonates, and
phyllosilicates. In the following we (1) explore such a relationship between the evo-
lution of frictional strength, frictional stability (stable/unstable) and the response of
fracture permeability; and (2) study friction-stability-permeability relationships with
respect to the mineralogical composition of fractures.

2.1 Experimental Methods

The fracture slip experiments are conducted on L-shaped blocks of Westerly granite
(Fig. 2a) that include a pre-cut fracture parallel to the shear direction. The fracture
surfaces are pre-roughened with #60 grit (423 lm) silicon carbide to yield a controlled
fracture roughness – verified by optical profilometry. Samples are loaded in a single
direct-shear configuration within a pressure vessel and biaxial load frame (Fig. 2) to
create a true-triaxial stress state (for details of the apparatus, see Samuelson et al.
(2009) and Candela et al. (2015)). The normal stress (rn) is applied on the fracture
plane (45 mm � 50 mm; Fig. 2) via a piston driven by a servo-controlled hydraulic
ram and shear stress (s) is applied by a separate, vertically-oriented, piston driven by a
servo-controlled hydraulic ram. The L-shaped block and forcing blocks/platens are
unjacketed for measuring rock friction, alone (Fig. 2b), but are jacketed (latex rubber
sleeve) for measuring permeability (Fig. 2c).

In the case of the fluid-flow-through experiments, fracture permeability is evaluated
based on the cubic law (Witherspoon et al. 1980; Tsang and Witherspoon 1981):

k ¼ e2h
12

ð3Þ

where k is the fracture permeability, and eh is the hydraulic aperture. Using Darcy’s
law, these parameters are related as:

eh ¼ � 12gLQ
WDP

� �1=3

ð4Þ

Fig. 2. (a) L-shape block of Westerly granite with a single pre-cut fracture, (b) Experimental
configuration for measuring the frictional strength of a rock fracture, and (c) Experimental
configuration for measuring the permeability of a rock fracture.
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where Q is the flow rate, DP is the differential pore pressure (Pin − Pout), η is the fluid
viscosity (1.002 � 10−3 Pa � s at 20 °C for distilled water), L is the flow path length
(50 mm), and W is the width of the fracture.

To investigate the effect of minerology, we prepare two types of samples (1) intact
natural samples and (2) sintered samples. We collect six intact natural samples
including five shales (i.e., Green River shale, Opalinus claystone, Marcellus shale,
Tournemire shale, and Longmaxi shale) and one tuff (i.e., Newberry tuff). The sintered
samples are consolidated from five different minerals: dolomite, calcite, albite, quartz
and illite that are common in major fault zones.

All of the samples are characterized by XRD and the weight percentage of each
mineral group is illustrated in Fig. 3a. Due to the low stiffness of these samples
compared to the Westerly granite, we use a triaxial testing apparatus that independently
applies confining pressure and differential (end-to-end) pore pressure while the sample
is sheared at a prescribed velocity. This allows the concurrent measurement of the
evolution of fracture permeability and friction. The sample coupons are packed within a
pair of steel shearing platens (Fig. 3b).

The initial offset of platens is *8 mm for slip displacement during sliding. The
platen-offset gap is filled with filler as a seal. The side and bottom contacts between the
sample coupon and the platen surfaces are packed with Teflon to prevent fluid leakage.
The assembled platens are packed within a membrane to isolate the sample from the

Fig. 3. (a) Ternary diagram of mineral groups (tectosilicate, carbonate, and phyllosilicate) for
both natural samples and artificial samples. (b) Experimental setup to measure
friction-permeability evolution: Pump A (ISCO 500D) controls the confining pressure (normal
stress) applied on the fracture. Pump B (ISCO 500D) controls pressure that provides the source of
shear stress applied on the fracture. Pump C (ISCO 500D) injects the fluid at a prescribed flow
rate or pressure, allowing the fluid source located at the origin of the fracture and flow along the
fractures.
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confining fluid. A steel sleeve covers the load cell to prevent the effect of applied
confining pressure. We apply a confining stress (normal stress) of 3 MPa and set a
constant upstream fluid pressure during axial shear displacement (at constant rate). The
minimum flow rate of each pump is 0.001 ml/min and the display resolution of the
pump pressure transducer is 1.0 kPa. A load cell with a resolution of 0.3 kPa is used to
measure the axial stress. At room temperature, the minimum measurable permeability
is 1.0 � 10−16 m2.

2.2 Results and Analysis

Figure 4 shows the evolution of fracture permeability (k) for the history of shear
velocity (v). Fracture permeability decreases with increasing normal stress (from
6 MPa to 12 MPa), which is caused by the closure of the fracture due to the elastic
deformations or the damage/crack at the contacting asperities. For these normal stress
conditions, fracture permeability also decreases with increasing shear displacement.
These reductions in k are due to the change in fracture roughness and the production of
wear materials (Wang and Scholz 1994; Faoro et al. 2009; Fang et al. 2017).

In this experiment, we evaluate changes in fracture permeability due to instantaneous
steps in shear velocity, and explore the links between frictional stability and permeability
change. The responses in k for various combinations of normal stress and velocity step size
are shown in Fig. 4. To quantify the permeability change (Dk), we evaluate the fracture
permeability both before (k0) and then after (k) the instantaneous step in shear velocity.

Fig. 4. Experimental results showing fracture permeability and shear velocity versus shear
displacement at normal stresses of (a) 6 MPa, (b) 9 MPa, and (c) 12 MPa. In each stage,
confining stress is set equivalent to the normal stress (i.e., anisotropic stress condition).
Responses in the fracture permeability caused by the shear velocity jump are analyzed.
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Both k0 and k are derived as the ensemble average of fracture permeabilities over the
shear-displacement window ±0.05 mm (see Fig. 4d), therefore, the impacts of perme-
ability fluctuation on the evaluation of k0 and k are minor. Dc in Fig. 4d is the critical slip
distance required to achieve steady-state friction after the velocity step, and is set to
100 lm. The normalized permeability change is then defined as

Dk
k0

¼ k � k0
k0

ð5Þ

Because the shear-displacement window for defining Dk/k0 is so small (less than
*0.2 mm, see Fig. 4d), the background reduction in k with increasing shear dis-
placement has little influence on the calculation of Dk/k0. Considering that the fracture
permeabilities after the velocity step are never lower than those before the velocity step
(Fig. 4), it is clear that fracture permeability is enhanced due to the velocity step.

The normalized permeability changes (Dk/k0) are shown in Fig. 5a as a function of
velocity step size (ln(v/v0)). Note that Dk/k0 is not evaluated when the original data
include noise/uncertainty or the aforementioned window for ensemble averaging the
permeability cannot be placed. The values of Dk/k0 are quite small (<0.05) at a normal
stress of 6 MPa, and Dk/k0 increases with an increase in ln(v/v0) at normal stresses of
9 MPa and 12 MPa. Dk/k0 ranges from −0.055 to 0.607 in the experiments. On the
basis of Fig. 5a, we find that larger values of Dk/k0 are recorded when k0 is small, and
that Dk/k0 increases with velocity step size. These trends are very similar to those
observed in velocity stepping experiments with fine-grained quartz fault gouge, where
normalized layer dilation increase with velocity step size (Samuelson et al. 2009).

Based on the experimental results, Dk/k0 is shown as a function of the frictional rate
parameters (a − b) in Fig. 5b. Figure 5b reveals that almost all points appear exclu-
sively in the second quadrant of the graph, and this region represents both negative
values of (a − b) and positive values of Dk/k0. This suggests that the permeability
enhancement of rock fractures is possibly created by the frictional shearing of
velocity-weakening (potentially unstable slip) and may have a connection to the
dilation behavior of rock fractures. This is consistent with field observations where

Fig. 5. (a) Relationship between stability parameter (i.e., a − b) and velocity step size,
(b) Relationship between normalized permeability change (i.e., (k − k0)/k0) and velocity step
size, and (c) Relationship between the instability parameter and normalized permeability change.
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fault permeability increases during seismic slip (Guglielmi et al. 2015), and this phe-
nomenon may be related to the mechanisms of permeability enhancement of fracture
zones excited by far-field earthquakes (Elkhoury et al. 2006; Xue et al. 2013).

The calculated net fracture permeability monotonically decreases with displace-
ment, consistent with previous observations (Fang et al. 2017). The data fitting method
for simulating the permeability change is introduced in Fang et al. (2017). The analyzed
frictional parameters and transient permeability change in response to velocity change
are shown in Fig. 6 with respect to the selected mineral groups: phyllosilicates, car-
bonates and tectosilicates. Frictional strength l and transient permeability change Dkn
and Dkn=Dki0 decrease with phyllosilicate content but increase with tectosilicate con-
tent. In contrast, a reverse trend is observed for frictional stability (a − b). However,
the role of carbonate is distinct from the other two mineral groups. The permeability
changes decrease with both frictional strength and stability, implying that in the very
shallow crust (i.e., low normal stress and low temperature), slip reactivation in
calcite-bearing fault gouges is difficult and is unlikely to induce seismic events - and
permeability is reduced during the resulting aseismic slip.

As surface contact state, which determines the flow path, is reflected in the fric-
tional strength and stability, we directly correlate the permeability change with friction
in Fig. 7. The permeability change Dk has a positive correlation with concurrently

Fig. 6. Effect of mineral composition on friction response (i.e., l and (a − b)) and transient
permeability evolution (i.e., Dkn and Dkn=Dki0) in response to shear velocity change. (a) Effect of
phyllosilicate content; (b) Effect of carbonate content; (c) Effect of tectosilicate content

8 D. Elsworth et al.



measured frictional strength l but a negative correlation with the corresponding fric-
tional stability (a − b). This intrinsic linkage of friction and permeability change is
directly determined by the asperity contact state and the material properties (e.g.,
mechanical and swelling) that control the mechanical behaviors of fracture asperities.
However, it is worth noting that the magnitude of permeability change in the natural
samples is much larger than that of the artificial samples (shown as the solid black
symbols in Figs. 6 and 7) – this is due to the very distinct difference in the surface
textures.

Fig. 7. (a) and (b) Correlation between frictional strength (l) and permeability evolution (Dkn
and Dkn=Dki0); (c) and (d) Correlation between frictional stability (a − b) and permeability
evolution (Dkn and Dki=Dki0).
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In summary, with known mineralogical compositions comprising the fracture, the
frictional strength and stability of fractures can be estimated. Shear failure is less likely
to occur for fractures with higher content of tectosilicates. However, once failure
initiates, the fracture is more likely slip unstably. This process is opposite that for
fractures with higher clay content - where the fracture is easier to reactivate and will
slip stably. When an unstable fracture slides at an accelerating rate, the transient change
in fracture permeability can be speculated – those richer in tectosilicates exhibit larger
permeability enhancement.

3 Healing and Sealing in the Seismicity-Permeability Cycle

We conducted fluid through-flow experiments with independent application of con-
fining pressure, shear stress and pore pressure (Fig. 8). A double direct shear config-
uration is accommodated in a triaxial pressure cell. A prismatic rock coupon is
sandwiched between half-cylindrical cores. This configuration enables concurrent and
continuous measurement of both permeability and friction throughout static and
dynamic motion. Experimental variables include surface roughness (ground with #150
grit (rougher) and #600 grit (smoother) aluminum powder) and mineralogy (Westerly
granite (WG, tectosilicate > 90%) and Green River shale (GRS, tectosilicate * 46%,
carbonate * 52% and phyllosilicate * 2% (Fang et al. 2017))).

In these experiments, permeabilities are calculated for flow through the cross
sectional area of the whole sample (cylinder + coupon), i.e.

k ¼ lL
A

Q
DP

ð6Þ

where l is fluid viscosity (8.9 � 10−4 Pa � s), L flow path length (23 mm), A is cross
sectional area of the sample perpendicular to the flow path (4.71 � 10−4 m2), Q is flow
rate and DP is the pressure difference across the sample.

Fig. 8. Experimental configuration. Servo pumps control confining stress (pump A), loading
pressure (pump B) and flow pressure difference (pump C). Bottom right picture in (a) shows the
Westerly granite sample used in this experiment.
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Figure 9 shows shear stress and flow rate responses during slide-hold-slide
experiments extending for *6 h. Periods of slip and intervening hold are denoted by
the top bar of Fig. 9a with experiments exhibiting typical rate-state frictional response.
Applied shear stresses decline during the hold then increase sharply to a peak during
reactivation before stabilizing following rate and state friction (Marone 1998). The
magnitude of the peak stress increases with the increased duration of the prior hold
period, representing time-dependent frictional healing.

Early time response in Fig. 9b shows the decline rate in permeability is anoma-
lously large during the initial shearing-in period for all samples. A zoomed-in view of
the initial decline (Fig. 9c) shows that this initial permeability reduction immediately
follows the initiation of shear slip (i.e., driven by slip) and the decline rate is signifi-
cantly reduced after a few millimeters of slip. Normalized permeability reduction
during this initial period is greater for weaker rock (GRS) than for stronger/harder rocks
(WG) and with smoother rather than rougher surfaces (see Fig. 9b early time). These
observations, together with the observed production of comminution products (shale)
during the experiment (Fig. 1c) suggest that the initial strong permeability reduction is
mainly as a result of comminution/compaction and wear products from the fracture
surfaces. This is especially dominant on fresh artificial samples which may not nec-
essarily represent natural faults and fractures.

Further reactivations following incremented durations of static loading (hold peri-
ods) show significant permeability enhancements. Figure 9d highlights the permeability

Fig. 9. Friction and permeability response during slide and hold experiments. Each color
denotes rock and surface roughness: blue: westerly granite rougher sample (#150 grit), red: WG
smoother (#600 grit), and black: Green River shale (#150 grit). (a and b) Shear stress and
permeability response during the entire experiment.
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responses of the later stage reactivations and inter-slip holds of smoother WG (period
identified by rectangles in Fig. 9b). This plot clearly identifies a cyclic repetition of
permeability destruction (inter-slip sealing) and then creation (shear permeability
enhancement). For instance, permeability continuously decreases during the 10000 s
hold between slips ⑥ and ⑦ yielding a permeability reduction of *37.5% (from
*8 � 10−15 m2 to *5 � 10−15 m2). In the following slip ⑦, permeability increases
by *25% within 1 mm of shear deformation (<5% of sample length) before perme-
ability again decreases at the conclusion of the slip phase. It takes*70 min to recover to
the original permeability prior to the slip ⑦.

Permeability enhancements resulting from various hold durations are shown in
Fig. 10a (absolute increase Dk) and Fig. 10b (normalized increase, Dk/k0). The larger
ultimate enhancements scale with increasing roughness and hardness, implicating the
essential role of shear dilation. The magnitude of absolute permeability enhancement
(Fig. 10a) is largest with stiffer/stronger/rougher granite and smallest with weaker/
smoother shale. Conversely, the magnitude of normalized permeability enhancement
(Fig. 10b) is largest with shale and smallest with rougher granite. This behavior is
substantially implied by the cubic law. Although shear aperture increase is largest with
a rougher/hard surface, normalized permeability enhancement can be smallest due to
the large initial aperture.

The permeability enhancement of westerly granite significantly increases with an
extended duration of healing in both absolute (Fig. 10a) and relative magnitudes
(Fig. 10b), implying, especially for hard rock, that the magnitude of shear permeability
enhancement is dependent on the pre-slip healing/sealing. For the case of the smoother
granite (Fig. 10a), no shear permeability enhancement appears after only short periods
of healing, *1% of enhancement induced after 1000 s of healing and *27% after
10000 s. Permeability enhancement appears approximately log-linear with pre-slip
hold duration.

Fig. 10. Sequence of permeability evolution with hold duration. Definition of permeability
enhancement Dk and initial permeability k0 are shown in (a) and (b). The colors and symbols
denotes rock and roughness: WG rough (blue square), WG smooth (red triangle), and GRS (black
circle).
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4 Friction-Stability-Permeability Modelling

Where supercritical CO2 is injected into aquifers, the subsequent dissolution of CO2

into the brine may result in substantial reaction and chemical transformation of the
minerals comprising the reservoir and caprock, disturb the stress field and alter the
permeability. These combined effects may result in weakening of pre-existing faults,
transformation of permeability and the triggering of induced-seismicity, via weakening.
Pristine and CO2-altered rocks from the Crystal Geyser fault (Major et al. 2014) define
the evolution of Fe-coating (hematite) into altered tribological films (goethite) sur-
rounding the grains with different strength and stability properties. We use this
transformed microstructural form to examine ensemble strength and structural stability.

4.1 Numerical Method

In this study, we apply the Distinct Element Method (DEM, Cundall and Strack 1979)
to study the shear strength of faults with Fe-coating (Guo and Morgan 2004; Abe and
Mair 2009; Rathbun et al. 2013; Ferdowsi et al. 2014). The weakening mechanism at
the grain-grain level is simulated by a DEM numerical biaxial shear model (Wang and
Elsworth 2016; Wang et al. 2017), in which the weakening effects of trace mounts of
talc in a quartz matrix is successfully reproduced. Although available DEM models can
simulate the shear strength evolution of fault gouge, few DEM models simulate fault
gouge with a microstructural coating, i.e. a frictionally strong skeleton with a fric-
tionally weak coating. We investigate the shear strength evolution of fault gouge
materials (quartz) with Fe-coating both before CO2 alteration (hematite) and after CO2

alteration (goethite). Specifically, we investigate: (1) the effect of CO2 alteration of the
shear strength of affected faults; (2) the effect of relative coating concentration on the
shear strength of affected faults; and (3) the effect of normal stress on the shear strength
of CO2 altered faults. Simulation results show weakening mechanisms of long-term
CO2 alteration on the shear strength of affected faults.

The DEM model (PFC2D, ITASCA Consulting Group) accommodates a scaled
representation of the biaxial direct shear test configuration (Mair and Marone 1999), in
which the gouge samples are confined and sheared between saw-tooth grooved platens.
Specifically, in a full scale biaxial shear experiment, two pieces of synthetic fault gouge
samples are sheared in a three-piece apparatus. The schematic of the apparatus is shown
in Fig. 11(a). During shear experiments, normal stress is applied to the two side blocks
and the center block is driven downwards by a hydraulic piston to apply shear stress.
A symmetric half of the biaxial shear experimental configuration is adopted in the
DEM model to improve computational efficiency (Fig. 11(b), (d)). The numerical
model consists of two shear platens with saw-tooth grooved surfaces. Fault gouge
materials are represented as an assembly of circular particles confined between the
platens (Fig. 11(c), (e)). The size of the sample (including platens) is approximately
2 cm in length (horizontally) and 4.5 mm in width (vertically). This value may differ
slightly for different mineral analog configuration. The skeleton of the confined gouge
material is a quartz analog, the Fe-coating materials are a hematite analog (before CO2

alteration) and a goethite analog (after CO2 alteration). The radii for the quartz analog
in the assembly ranges from approximately 50 to 125 l in a normal distribution.
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The radii for the Fe-coating range from 5 to 20 l. Hematite coating particles are
attached to the skeleton particles and other coating particles by parallel bonds
(Potyondy and Cundall 2004) to simulate cementation; goethite coating is attached to
the skeleton particles by parallel bonds, however, a rolling resistance linear-elastic
contact model (Iwashita and Oda 1998; Ai et al. 2011; Wensrich and Katterfeld 2012;
Jiang et al. 2015) is applied between the goethite coating particles. Additionally, in
order to investigate the effect of the amount of coating material on the shear strength
evolution of faults, relative concentration of the coating is introduced. The relative
concentration is defined as the configuration of an individual skeleton particle with its
coating particles (Fig. 11 lower right part). In this study, relative concentrations of
5-particles, 10-particles, and 20-particles are used. Numerical shear experiments are
conducted as shown in Fig. 11 until shear displacement reaches 2000 lm.

A rolling resistance linear-elastic contact model is implemented between gouge
particle contacts (Fig. 11(f), (g)). The contact model consists of two sets (normal
direction and shear direction) of parallel aligned spring and dashpots. A slider is
installed in the shear direction to simulate sliding behavior according to a Coulomb
friction law. Additionally, a moment resistant component is added to the contact model
to counteract rolling. A parallel bond contact model is implemented between quartz and
coating analogs. The contact model features bonds in both normal and shear direction
to resist normal and shear forces. The bonds will break if pre-set strengths are
exceeded. After bonding breakage, contact will evolve by a linear-elastic contact model
if the contact is still active.

Fig. 11. Schematic of biaxial apparatus (a) (not to scale); DEM model configuration of
unaltered gouge sample (b), and its zoomed-in view (c), linear parallel bond model is applied on
coating contacts; DEM model configuration of altered gouge sample (d), and its zoomed-in view
(e), rolling resistance contact model is installed on coating contacts; relative coating
concentration configuration of 5-, 10-, and 20-particles is implemented; (f) layout and
mechanical components of rolling resistance linear-elastic contact model; (g) linear parallel
bond contact model.
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4.2 Model Configuration

CO2 altered rocks show significantly reduced fracture roughness, which is plausibly
caused by a change in mineralogy and microstructure due to CO2 alteration. The
dissolution of hematite cementation and precipitation of the low frictional goethite
coating may cause significant weakening in the fault zone. Numerical shear experi-
ments are conducted on end-member gouge samples (unaltered/altered by CO2).

Unaltered samples consist of quartz analog as the skeleton and hematite analog as
the cementation. The relative coating concentration of the hematite analog is either
5-particles, 10-particles or 20-particles, respectively for each numerical simulation. The
quartz analog skeleton is bonded by a hematite coating. If the bonding is broken due to
shear failure, the contact will evolve following a linear-elastic contact model. Normal
stress (5, 10, or 15 MPa) is maintained throughout shear experiment. The model
configuration before and after shear is shown in Fig. 12(a), (b).

The microscopic imaging analysis shows that after CO2 alteration, the hematite
cementation is dissolved and the goethite coating is found surrounding the skeletal
grains (Major et al. 2014). In the numerical model, the altered samples consist of quartz
particles as the skeleton with goethite as coating particles. The relative concentration of
the goethite coating is either 5-particles, 10-particles, or 20-particles, respectively for
each numerical simulation in correspondence with the unaltered samples with hematite
cementation. A rolling resistance linear-elastic contact model is installed between
goethite coating particles and quartz particles. The normal stress (5, 10, or 15 MPa) is
maintained throughout the shear experiment. The model configuration before and after
shear is shown in Fig. 12(c), (d).

4.3 Results

The bulk shear strength can be represented by the frictional resistance of the system.
The evolution of the coefficient of friction during each test is plotted against shear
displacement. The coefficient of friction is calculated by the ratio of the resultant shear
stress and confining (normal) stress. Shear strength of the gouge sample before and
after CO2 alteration is hypothesized to be different, i.e. the altered gouge may show
lower shear strength due to the dissolution of hematite cementation and precipitation of
the low frictional goethite coating. Figure 13(a) (b) (c) show the evolution of friction
coefficient of unaltered and altered gouge materials under a confining stress of 10 MPa,

Fig. 12. DEM model configuration with hematite cementation: (a) before shear, and (b) after
shear; DEM model configuration with goethite coating: (c) before shear, and (d) after shear.
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with relative coating concentration of 5-, 10-, and 20-particles. It is clear that the shear
strength is reduced from *0.60 to *0.4 after CO2 alteration. This observation holds
for confining stresses of 5 MPa and 15 MPa. These results match the hypothesis that
the shear strength of gouge material after CO2 alteration is lower than the shear strength
of the gouge material before CO2 alteration.

In addition, numerical experiments on gouge samples with a relative coating
concentration of 5-particles, 10-particles, and 20-particles are conducted. The evolution
of friction coefficient is plotted against shear displacement in Fig. 13(d), (e). It is shown
that for unaltered gouge, the shear strength increases (from *0.65 to *0.8) with
higher relative coating concentration, however, there is no significant change (from
*0.40 to*0.45) in the shear strength of the altered gouge material with three different
relative coating concentrations in this study.

The observations show that unaltered gouge features a higher frictional strength
with a higher concentration of hematite coating. This is plausibly due to the increase in
the number of parallel bond contacts thus resulting in an increase in shear strength.

For altered gouge material, there is no significant change in shear strength relative
to the coating concentration. This is possibly due to the dominant effect of low fric-
tional goethite coating over the quartz skeleton particles. Slip occurs at contacts
between coating particles or contacts between coating particles and skeletal particles, at

Fig. 13. Friction evolution of unaltered/altered gouge under confining stress of 10 MPa:
(a) gouge with relative coating concentration of 5-particles; (b) 10-particles; (c) 20-particles;
(d) friction evolution of altered gouge with coating configuration of 5-, 10-, and 20-particles;
(e) friction evolution of unaltered with coating configuration of 5-, 10-, and 20-particles;
(f) Friction evolution of the altered gouge (5-particle configuration) under normal stress of 5, 10,
and 15 MPa, shows no significant change with normal stress.
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which the shear strength is determined by the frictionally weaker component (coating
particles). Therefore, the goethite coating governs the shear strength of the gouge
material, even though there is only a trace amount of goethite coating in the gouge
(5-particle).

The evolution of shear strength of CO2 altered gouge material under a confining
stress of 5, 10, and 15 MPa is shown in Fig. 13(f). The shear strength of the CO2

altered gouge materials does not show a significant change with normal stress. This
result indicates that the dominant effect of the frictionally weak goethite coating is
independent of the change of normal stress in this study. This may further be attributed
to the large weakening effect of goethite coating on the shear strength of the faults.

5 Conclusions

Seismicity-permeability relationships can be linked via the dynamic evolution of
asperities and contact state of fracture surfaces in which the mineralogical composition
defines the mode of seismicity and control the mechanical strength of fracture asperities
that eventually affect permeability evolution.

Permeability evolution can be broadly linked to mineralogy and the impact of
deformation mode and rheology of individual fractures. This is true both for the
evolution of deformation as velocity weakening or strengthening, and also related to
the role of healing.

Healing exerts a significant influence on the evolution of permeability, post reac-
tivation. Short inter-seismic times infer compaction after reactivation that evolves to
successively greater magnitudes of dilation for longer interseismic periods. This
response is inferred through observations of permeability evolution following
reactivation.

Microscopic imaging of unaltered vs. CO2-altered sandstone samples from Crystal
Geyser, Utah show that the original hematite cementation is reacted with CO2, forming
goethite precipitated on skeletal grain surfaces as a frictionally weak coating.
Mechanical tests show that the altered quartzite samples exhibit a lower fracture
toughness than unaltered samples. The DEM model simulates direct-shear experiments
on fault gouge samples with hematite/goethite analog as coating. These fault gouge
samples reconstruct CO2 unaltered/altered gouge with idealizations and a hypothesis,
i.e. CO2 altered gouge may have a lower shear strength. Numerical models with relative
coating concentrations of 5-, 10-, and 20-particles of unaltered/altered gouge materials
under confining stress of 5, 10 and 15 MPa are constructed and sheared. The following
conclusions can be drawn from the observations of the numerical simulation results:

1. The shear strength of faults associated with goethite coating are weakened.
2. The weakening effect of goethite coating does not depend on the concentration of

the coating particle once the goethite-dominated effect is established.
3. The coating-dominated weakening effect is independent of applied normal stress,

implying that coating induced weakening can occur not only at shallow depth but
also at greater depths in the Earth crust.
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These numerical observations reveal a possible new mechanism of weakening in
natural faults, which matches the hypothesis proposed in this study, i.e. trace amounts
of low frictional coating can cause significant weakening in shear strength of faults.
However, the simulation results are specific to the sample analogs in this study.
Laboratory study is needed to validate the numerical results. The modeling results
support the argument that the shear strength of faults depends significantly on the
mineralogical composition and microstructure, while showing the applicability of DEM
modeling in simulating the shear strength evolution in mineralogically complex faults.
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Abstract. Remolded soil is usually substituted for undisturbed soil in shear
tests to measure the strength of natural soil. However, the traditional remolding
process of unsaturated soil may lead to a wide difference on the strength of soil
and therefore fail to represent the strength properties of natural soil. Based on
the traditional remolding methods, this paper introduces an experimental method
which could enhance the shear strength of remolded soil significantly by
readjusting the water distribution and restoring the matric suction between soil
layers. Compared to the traditional compacted method, the improved method
could effectively raise the cohesion of unsaturated soil, which enables the
remolded soil fully to retain its strength and hence to be applied accurately to
predict the strength of natural soil.

Keywords: Shear strength � Unsaturated soil � Remolded soil
Matric suction � Cohesion

1 Introduction

The shear strength of soil could be measured through laboratory tests or in-situ tests,
while considering the large cost and the inconvenience for the research under different
conditions, laboratory tests are more likely to be adopted. For sand and gravel,
remolded soil is usually substituted for undisturbed soil since its strength could hold the
value basically after the remolding process. The clay remolded by the traditional
compacted method, by contrast, with finer granularity and complex structures, presents
a vast strength difference from natural soil under non-saturation state (mostly lower
than natural soil, according to several previous studies), which forces researchers to use
undisturbed or saturated specimen for tests. However, the undisturbed soil is often hard
to obtain and the divergence of the sample is also not a negligible issue. The
stress-strain characteristics of the saturated soil are apparently unable to determine the
properties of real natural unsaturated soil as well. As a result of the absence of reliable
values, it is imperative to search for an experimental method which enables remolded
unsaturated soil to fully retain its strength and to be applied to predicting the strength of
natural soil.

The strength properties of soil are largely dependent on the particle structure, water
content and mineral composition. Despite the disturbance of the structure caused by the
remolding process, the shear tests’ results of remolded sand are still qualified to be the
reference for the strength of natural sand or saturated clay respectively, which proved
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that the macro-structural changes are not the key reason to the wide difference between
remolded soil and natural soil. The relation between water content and shear strength
has been investigated by many previous studies. Fredlund et al. [1, 4] had performed a
lot of measurements on natural clay and a power law was obtained, that is, the shear
strength of clay could be consequently reduced with increasing water content.

But for clay remolded by compacted method, as the water content rises, the shear
strength would initially increase and soon dropped after reaching its maximum. Lin and
Sun et al. [2, 3] found that the inadequate water-soil interaction was the main factor led
to the variation, or to put it another way, the matric suction of natural soil failed to be
restored through the remolding process. Expanding upon this idea, the authors aimed at
emphasizing the effect of the matric suction on soil strength and put forward an
improved remolding method which could recover the suction and thus enhance the
shear strength significantly during laboratory tests.

In the present paper, several triaxial-shearing tests are performed on silty clay
originated from YiChang, HuBei Province. The experimental results of undisturbed
soil, traditional remolded specimens as well as the improved specimens, all in unsat-
urated conditions, are compared to assess the feasibility of the new sample preparation
method.

2 Materials and Methods

To analyse the effects of different remolding methods on soil strength, a series of shear
tests were designed to compare the properties of undisturbed soil, compacted speci-
mens and specimens prepared by the improved method.

All soil samples were collected from Three Gorges area, which were identified as
silty clay. The sampling depth is between 6 to 8 m. The relative density is 2.76 g/cm3,
the maximum natural saturation is around 66%, the optimum water content is measured
as 13.7%.

The undisturbed soil was cut by a thin-walled split mould with the diameter of
39.1 mm and height of 80 mm. A total of 15 specimens were prepared and then
divided in five groups. All specimens were dried by drying ovens to the required
saturation of 25%, 35%, 45%, 55%, respectively.

The preparation of compacted specimens is strictly following The Standard for Soil
Test Method [5]. Disturbed soil was dried, ground and sieved, then mixed with water to
make moist paste with saturation of 25%, 35%, 45%, 55%, 65%, 80%, respectively.
After the distribution of moisture became even, the soil was compacted in four layers to
obtain 6 groups of specimens in line with the dry density of undisturbed soil.

Similar to the previous preparation of traditional remolded soil, the disturbed soil
was also dried and ground. To obtain the best compact effect, the dry soil was mixed
into wet soil by 50% saturation degree and compacted into specified dimensions. The
samples were initially saturated and then dried gradually into designated saturation.
After the moisture run through the soil pores fully, 18 columns with varying saturation
(35%, 45%, 55%, 65%, 80%) were sheared at a constant rate of 0.5 mm/min under the
confining pressure ranged from 100 kPa to 300 kPa, the other 6 columns were also set
as alternatives.
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The instrument used in shear tests is the SLB-1 stress-strain tri-axial shearing
apparatus, which is able to control the shearing tests under equal stress or strain
conditions (Fig. 1).

3 Results and Discussion

3.1 The Comparison of Shear Indexes

It is illustrated that the cohesion of undisturbed soil decreases as the water content rises,
which agree with the previous studies on the relationship between soil strength and
moisture content (Fig. 2). With the rising water content, the water membrane becomes
thicker and impair the cohesion force among soil particles. While friction angle shows a
slightly decline as the saturation increases, which may related to the nature of the silty
clay used in this work. It can be predicted that the lubrication effect of water would
continue to reduce the friction angle of the soil.

For remolded specimens, it can be easily observed that the cohesion of compacted
soil decreases not before the saturation degree exceed 45%. This is caused by the
traditional remoulding method that directly compact soil paste (dried soil and certain
amount of water) in several layers. Shear failure can be easily caused by the weak
suction between soil layers and particles when the water content is very low, especially
at the interfaces. As the water content goes up, the suction force becomes stronger
which contribute to an increasing cohesion and shear strength of the soil, but the
strength in this period is still relatively low. After the saturation rises above a certain
threshold (45% in this experiment), the bound water membrane becomes thicker, the
cohesion of soil could be impaired by the decreasing effective stress, accounting for the
subsequent down trend of the curve. However, the cohesion of the sample used new
remolding method decreases linearly as the saturation of soil increases, which is
consistent with the corresponding relationship of undisturbed soil. Such differences
could be explained as follows.

Fig. 1. SLB-1 stress-strain tri-axial shear apparatus.

A Sample Preparation Method Enhancing Shear Strength 25



Compared with the traditional sample making, the improved method achieved the
best compacting results by making the sample at the optimum moisture content, which
insures closer connections between soil particles. Through the process of saturation and
slow drying, samples successfully keep its matric suction to the full extent by simu-
lating the way that natural soil loses moisture, which means, a more evenly distribution
of water in the columns. Therefore, the cohesion of the samples used improved method
shows similar variation with undisturbed soil. The improved remolding method is
proved to be able to enhance the shear strength of unsaturated clay effectively from the
above analyses.
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Under both cases the curve of friction angle for different saturations shows basically
the same variation, that is, the friction angle decreases with increasing saturation
degrees (Fig. 3), which demonstrates that the impacts of matric suction on friction
angle turn out to be small. Besides, it can also be observed that the friction angle of
remolded soil tends to furthermore sensitive to the varying moisture content, which
implies the remolding process caused irreversible damage to the soil structure.

3.2 The Comparison of Shear Characters

The stress-strain curves under 100 kPa are provided in order to analyze how matric
suction effect the shear strength and properties of remolded clay (Fig. 4). The variation
law under other confining pressures is same, so they won’t be covered here.

Figure 4 presented the stress-strain curves for 25%, 35%, 55% saturation degree
with two different remolding methods. It can be observed that the peak values of
improved specimens are apparently higher than that of traditional specimens. More-
over, as the saturation increases, the stress-strain curve gradually transits from strain
softening state to strain hardening state, which is similar to the shear properties of
natural structural clay [6, 7]. But for traditional specimens, the stress-strain relation
presents properties similar to light sand, that is, stress hardening. On the one hand, the
differences in shear properties of the two kinds of specimens demonstrate that matric
suction contributes in shear strength differently under different saturations, and also,
proved that the shear strength of unsaturated soil could be enhanced by retaining its
matric suction. On the other hand, although the peak value of the stress rises with
greater matric suction, the stress would then drop rapidly after the maximum value with
a relatively low residual strength, which could cause sudden failure especially for
cohesive slope. Hence, considering the probability of such brittle failure, it is more
secure for engineering projects to evaluate its safety by the improved method devel-
oped in this article when conducting soil tests.

4 Summary and Conclusions

From the perspective of recovering the matric suction of soil, this article presents an
improved method to remold unsaturated clay through saturation and dehydration
process. By comparing a series of shear tests conducted on different specimens, it is
found that the cohesion changes of improved specimens under different saturation
degrees accord with that of undisturbed soil, moreover, the strength of the two are very
close. While the cohesion of specimens prepared by compacted method will increase
firstly and then decrease as the saturation grows, the shear strength is also much lower
than that of undisturbed soil. In addition, using the improved method could better
simulate the shear properties of natural soil and take the sudden failure of dry clay into
full consideration when evaluating the stability of realistic slopes. However, the
stress-strain relation of compacted specimens is unrepresentative.
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Abstract. Generally speaking, in many cases geomaterials are in unsaturated
state. The mechanical properties of unsaturated soil are much more complicated
than those of saturated soil. To rationally describe the mechanical properties of
unsaturated soil, it is important to find out suitable state variables, such as degree
of saturation and skeleton stress that determine the mechanical properties of
unsaturated soil. In the existing researches of unsaturated soil, however, element
tests under constant-degree-of-saturation condition is not sufficient in relating to
the search of constitutive model. In this paper, degree of saturation and the
skeleton stress are regarded as the state variables. Oedometer tests and triaxial
compression tests under constant-degree-of-saturation condition were conducted
to study the mechanical properties of unsaturated Masado (Decomposed granite)
at different degrees of saturation. It is found that the degree of saturation and the
skeleton stress can be reasonably used as the state variables to describe the
mechanical properties of unsaturated soil in proper constitutive model.

Keywords: Unsaturated soil � State variable � Skeleton stress
Degree of saturation � Masado

1 Introduction

Generally speaking, in many cases geomaterials are in unsaturated state. Comparing
with saturated soil, the mechanical properties of unsaturated soil are complex, and its
experimental and simulation studies are still limited. To rationally describe the
mechanical properties of unsaturated soil, the most important thing is to select suitable
state variables, which control these mechanical properties. When soil in unsaturated
state, it is not only the problem that degree of saturation is less than 1, but also its
influence on strength and deformation properties of unsaturated soil. Changes of degree
of saturation sometime may even trigger geological disasters, such as landslides or dam
breaks, threatening human being and infrastructure. Therefore, it is undoubtedly
important to study the mechanical properties of saturated/unsaturated soil, and propose
unified constitutive model.
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Based on Barcelona Basic Model (Alonso et al. 1990), a number of elasto-plastic
constitutive models have been proposed to model the properties of unsaturated soil by
different state variables. Some models are proposed in the space of net stress and
suction (Cui and Delage 1996; Chiu and Ng 2003), while others are in the space of
Bishop’s effective stress and suction (Kohgo et al. 1993; Loret and Khalili 2002). In
recent years, the effective stress and the degree of saturation as independent variable
were used as state variables, such as Zhang and Ikariya (2011), Zhou et al. (2012) and
Zhou and Sheng (2015). However, since unsaturated soil experiments require
high-precision load control and a lot of time, it is still difficult to verify the rationality of
some state variables.

In this paper, the degree of saturation and the skeleton stress are taken as the state
variables (Zhang and Ikariya 2011). A kind of decomposed granite, called asMasadowith
high permeability, was tested with oedometer tests and triaxial compression tests under
constant-degree-of-saturation (CDS) condition, in order to investigate its mechanical
properties at different degrees of saturation and loading paths. In order to control the
degree of saturation, a device called as PVC (Pressure/Volume Controller) made by GDS
was utilized and a method to conduct triaxial compression test under CDS condition
proposed by Burton et al. (2016) was used in the tests. Based on the test results, an
assumption adopted in the model proposed by Zhang and Ikariya (2011) was verified.

2 Brief Description of Constitutive Model

Zhang and Ikariya (2011) proposed an unsaturated soil constitutive model, using
skeleton stress and degree of saturation as state variables. In the model, it is assumed
that normally consolidated line in unsaturation state (N.C.L.S.) is parallel to the nor-
mally consolidated line in saturated state (N.C.L.) but in a higher position than N.C.L.,
as shown in Fig. 1, which means that under the same mean stress, unsaturated soil can
keep higher void ratio than those of saturated soil. Skeleton stress is a kind of Bishop
effective stress, defined as,

r00ij ¼ rtij � uadij þ Srðua � uwÞdij ¼ rnij þ Srsdij ð1Þ

Fig. 1. Moving up of N.C.L. and C.S.L. due to instauration (Zhang and Ikariya 2011).
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where r
00
ij is skeleton stress tensor, rtij is total stress tensor, r

n
ij is net stress tensor, Sr is

degree of saturation, ua is air pressure, uw is water pressure and s is suction. The
constitutive model is able to describe not only the behavior of unsaturated soil but also
saturated soil because the skeleton stress can smoothly shift to effective stress from
unsaturated condition to saturated condition. The constitutive model includes nine
material parameters, which can be determined by triaxial tests.

3 Sample Material and Test Apparatus

3.1 Test Sample Material

Masado is a typical decomposed granitic that is widely distributed in western Japan. In
construction, it is often used to pave the road. Furthermore, compared to silty clay
commonly used in unsaturated tests, the permeability of Masado is much larger, which
could significantly shorten test time required for unsaturated test. Therefore, Masado
was selected for tests under CDS condition.

Figure 2 is the grain grading curve of Masado. Some pre-tests were conducted in
according to the JIS A 1205 and JIS A 1202 and the physical material properties of
Masado were obtained as shown in Table 1. Moreover, compaction test (JIS A 1210)
also conducted to find the optimum moisture content for sample preparation. In this
test, only part of Masado with particle diameter less than 2 mm was used.

3.2 Oedometer and Triaxial Apparatuses

In this study, the tests were conducted with unsaturated oedometer and triaxial appa-
ratus, which utilized axis-translation method to control suction. Since the apparatuses
are sealed during the whole test procedures, the air pressure of the sample could be

Table 1. Material properties of Masado

Liquid
limit
wL (%)

Plasticity
index
Ip

Specific
gravity
Gs

Maximum dry
density
qd (g/cm

3)

Optimum water
content
wopt(%)

Non-plastic Non-plastic 2.66 1.85 13.7
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measured by the pore air piezometer. The PVC and the pore water piezometer are
connected to the samples by the ceramic disk of the pedestal. When the air pressure is
less than the air entry value (AEV) of the ceramic disk, only the water is allowed to
pass through the ceramic disk. Therefore, the pore water pressure of the samples can be
measured by the PVC and the pore water piezometer.

For oedometer apparatus, three kinds of pressures are controlled in the unsaturated
apparatus by axial pressure, pore air pressure and pore water pressure. Axial pressure
and pore air pressure are controlled by the manual regulator or the electric regulator,
while pore water pressure is controlled by PVC, which can easily control the suction
and degree of saturation in any arbitrary stress path.

For triaxial apparatus, the main feature is that both the porous stone (pore air
pressure) and the ceramic disk (pore water pressure) are embedded in the axial cap, and
the test time is shortened under double-end-face drainage condition. To obtain the
volume change of unsaturated samples, differential manometer is utilized to measure
the pressure difference between the burette with the standard water surface and the
inner chamber. Unsaturated triaxial apparatus can control four kinds of pressure
including axial pressure, confining pressure, pore air pressure and pore water pressure
by air pressure.

4 Oedometer Compression Test

4.1 Test Method

In this test, 5 kinds of samples with different initial moisture content were prepared.
The tested initial moisture content was determined from the compaction curve of
Masado (Fig. 3). Since the optimum moisture content is about 15%, two cases less than
15% (9% and 12%) and two cases larger than 15% (18% and 21%) were selected. The
sample for oedometer apparatus was 1.0 cm in height and 6.0 cm in diameter, and was
prepared by static compaction method for one layer. The target void ratio was set to
0.65.

For load path, vertical stress was firstly loaded to 20 kPa and then suction was
loaded to 50 kPa. After the amount of volume change and the drainage was stable, the
vertical stress was loaded continuously to 965 kPa, keeping the degree of saturation
being constant. PVC was utilized to keep the degree of saturation constantly during the
compression stage by the method proposed by Burton et al. (2016). The pore air
pressure was kept constantly and the water content of sample was adjusted by changing
the pore water pressure through PVC as following equation,

dVw � Srðinit:ÞdVv ¼ 0 ð2Þ

where dVw is pore water volume change, Sr(init.) is the initial degree of saturation and
*dVv is the sample volume change.
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4.2 Test Results

Figure 4 shows the oedometer test results. Samples with higher initial water content w0

consolidated under suction s = 50 kPa to reach higher degree of saturation. As shown
in Fig. 4(a), water content decreased with the reduction of void ratio during com-
pression stage. From the line wGs = eSr (dotted line). The degree of saturation was
maintained constantly during this stage. The incremental vertical net stress leaded to
the increase of suction. In the Fig. 4(b), the suction first rose sharply, followed by a
slightly decrease and then increased gradually. The change of suction was different, the
higher the initial degree of saturation was, the smaller the suction increment was.

Figure 4(c) and (d) presented the compression curves at different kinds of stress.
After the skeleton stress exceeds 100 kPa, the compression curves are nearly straight
lines. Under the same skeletons tress, the samples with lower degree of saturation have
higher void ratio, which is just the same as the assumption of N.C.L. and N.C.L.S.
(Zhang and Ikariya 2011). In addition, it is also found that the mechanical properties of
unsaturated soil can be better represented by the skeleton stress, which also confirmed
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the rationality of utilizing skeleton stress as a state variable in the proposed unsaturated
soil constitutive model (Zhang and Ikariya 2011).

5 Triaxial Compression Test

5.1 Test Method

The samples for triaxial apparatus, with the same initial moisture content w0 = 15%,
was 10.0 cm in height and 5.0 cm in diameter. The samples were prepared by static
compaction method for three layers and the target void ratio was 0.65.

Figure 5 shows the stress path of unsaturated triaxial compression test under CSD
condition. The samples consolidated at different suction and confining stress to reach
different degree of saturation. The degree of saturation was controlled to keep constant
during shear stage by computer program based on Eq. (2). In all cases, the samples
were under drained-vented condition, the shear rate was 0.0025%/min and the maxi-
mum deviatoric strain was 15%. The confining stress rnet3 was kept constant during the
shear stage.

5.2 Test Results

As shown in Fig. 6, the degree of saturation control method (Burton et al. 2016) can
keep the degree of saturation constant during the shear stage. In case 1, the suction
decreased gradually, while the suctions of Case2, Case3 and Case4 experienced a small
reduction firstly and then increased and reach the peak. After the peak, the suction
decreased gradually. In the cases with the same confining stress, the initial suction of
the sample is large, of which the final suction is also large. In the Case3 and Case4,
even the samples confined under the same suction, the increment of suction during
shear stage is also different.

As shown in Fig. 7, under the same confining stress, with the increment of initial
suction, samples showed hardening and the peak strength increased, while the residual

Fig. 5. Stress path of triaxial compression test under CDS condition.
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strength was almost the same. The volumetric strain of the samples transformed from
contraction to dilatancy, and final volumetric strain decreased with the increment of
initial suction. The peak strength of Case4 is larger and the volumetric strain trans-
formed from dilatant to contraction with the increment of confining stress.
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In addition, it is found that the deviatoric stress ratio q=p00 curves were almost the
same at the deviatoric strain about 13% (Fig. 7(b)), which means that with different
confining pressure and suction, samples would be sheared to the same critical state
lines (Fig. 7(d)). Therefore, by using the degree of saturation and skeleton stress as the
state variables, the mechanical behavior of unsaturated soil could be described more
reasonably with unified parameters, which verified the rationality of proposed unsat-
urated soil constitutive model (Zhang and Ikariya 2011). However, since the number of
test cases is still not enough, the repeatability of the triaxial compression tests under
CDS condition need further confirmation.

6 Conclusion

In this paper, based on the state variables and assumption of proposed unsaturated soil
constitutive model (Zhang and Ikariya 2011), a series of oedometer tests and triaxial
compression tests under CDS condition were conducted to study the mechanical
properties of unsaturated Masado. The main purpose is to verity the rationality of the
model by laboratory tests. The main conclusions are made in the following: (1) The
loading method under CDS condition (Burton et al. 2016) can successfully keep the
degree of saturation approximately constant in oedometer and triaxial compression
tests. Therefore, the degree of saturation in this paper could be discussed as a possible
state value; (2) According to the tests results, under the same skeleton stress, the
samples with lower degree of saturation have higher void ratio, which is just the same
as the assumption of N.C.L. and N.C.L.S. (Zhang and Ikariya 2011); (3) Using the
degree of saturation and skeleton stress as the state variables, the mechanical behavior
of unsaturated Masado can be described properly by the unified parameters, which also
verified the rationality of proposed unsaturated soil constitutive model (Zhang and
Ikariya 2011).
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Abstract. This study deals with the hydro-mechanical behavior of
bentonite-based materials used as sealing materials in high-level radioactive
waste repositories. Many studies have been done recently on bentonite-based
materials, such as the mixture of bentonite and crushed Callovo-Oxfordian
(COx) claystone, pre-compacted disks of MX80 bentonite/sand mixture and
MX80 bentonite pellets/powder mixture. In this study, the hydro-mechanical
behavior of the mixture of MX80 bentonite powder and pellets with a proportion
of 20/80 was investigated. Compared to other sealing plugs, this mixture has
some operational advantages such as a lower compaction effort and reduction of
technological voids between rock and seal. The compression behavior was
investigated by performing suction controlled oedometer tests. Results show that
the yield stress (rv) increases with suction increase; however, this effect is not
obvious for suctions ranging from 9 to 138 MPa, suggesting a significant effect
of soil microstructure mainly governed by the assembly of pellets.

Keywords: Hydro-mechanical behavior � MX80 pellet/powder mixture
Suction controlled oedometer test

1 Background

1.1 Deep Geological Repository

The main objective in managing and disposing of radioactive (or other) waste is to
protect people and environment. This means isolating or diluting the waste so that the
rate or concentration of any radionuclides returned to the biosphere is harmless. For
disposal, to ensure that no significant environmental releases occur over tens of thou-
sands of years, ‘multiple barriers’ geological disposal is planned.

1.2 Bentonite-Based Materials

In most cases, bentonite-based materials are used as the sealing materials in this system,
because of its properties: high swelling capacity, low permeability and high radionu-
clide retardation properties. Many studies have been conducted to the performance of
buffer/sealing materials such as the experiments in underground research laboratories
(URL) in Canada, Switzerland, Belgium and France.
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Once the repository is closed and local groundwater conditions are re-established,
the water in the host rock formation will move to the repository. The bentonite-based
material absorbs water and swells, filling the technical voids as the gaps between the
bentonite bricks themselves, between the canister and the bricks, between bricks and
the host rock, as well as the fractures in the host rock due to excavation. After that, the
subsequent swelling is restrained by the host rock and swelling pressure develops. For
ensure the stability of the system, the swelling pressure must be lower than the in situ
minor stress: 7 MPa in the Underground Research Laboratory (URL) of Bure site,
France (Tang et al. 2011a); 3–4 MPa at Tournemire site, France (Barnichon and
Deleruyelle 2009) and 4–5 MPa at Mol site, Belgium (Li et al. 2009).

2 Materials

This work focuses on the HM behavior of a mixture of a powder/pellet MX80 bentonite
mixture with a proportion of 20-powder/80-pellets in dry mass. This mixture has been
investigated by the institute of radioprotection and nuclear safety (IRSN). The material
used in this work (both powder and pellets of bentonite) has been provided by Laviosa
Minerals SpA.

2.1 Pellets of MX80 Bentonite

Pellets of MX80 bentonite are produced by compacting powder of MX80 bentonite (as
extracted in-situ) in a mould of 7 mm of diameter and 7 mm of height at a water content
between 5% and 7%, corresponding to a dry density qd = 1.998 − 2.120 Mg/m3. The
pellets have a quasi-cylindrical shape with two half spherical poles on the top and the
bottom. Table 1 summarizes their initial properties. The initial suction, s = 132.4 MPa,
was measured by a chilled mirror dew point tension-meter (Decagon WP4) and the
initial water content, w = 7.25%, was determined after drying the sample (pellet) at
105 °C during 24 h.

2.2 Powder of MX80 Bentonite

Powder of MX80 bentonite was produced by crushing pellets of bentonite. Table 2
shows its initial conditions (Saba et al. 2014). A value of 3.2% of water content was
found after drying at 105 °C during 24 h. The initial suction, s = 190.9 MPa, was
measured by a chilled mirror dew point tension-meter (Decagon WP4).

Table 1. Initial properties of pellets of bentonite

Initial property

Initial suction 132.4 MPa
Initial water content 7.25%
Initial dry density 2.12 Mg/m3

Initial porosity 0.25
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2.3 MX80 Pellet/Powder Mixture Preparation

This work aims to study the long term evolution of the HM behavior of the
pellet/powder (80/20) MX80 bentonite mixture at a dry density qd ¼ 1:49Mg=m3. It is
noted that the global dry density of sample controls the saturated permeability and the
swelling pressure (Hoffmann et al. 2007; Saba et al. 2014). The key point of the
mixture preparation is to obtain a homogeneous sample. To this purpose, three different
protocols were defined in order to choose the one that allowed obtaining a homoge-
neous mixture. The first protocol consists in filling the cell by packets of three layers of
pellets (a layer of pellets is defined as the mass of pellets that fills the base of the
sample), and mixing with the corresponding powder (taking into account the proportion
80/20). The second protocol is just like the first one but the cell was filled by packets of
one layer of pellets with the corresponding powder. The third protocol consists in
filling the cell by layers of pellets and powder separately, which means one single layer
of pellets and then the corresponding powder until filling the cell.

In order to decide the protocol which allows obtaining a homogeneous sample,
several µ-CT observations were carried out. Three vertical slices corresponding to the
three protocols are presented in Fig. 1 (Molinero Guerra et al. 2016). Figure 1(a),
corresponding to first protocol, shows a heterogeneous sample because the powder
does not fill the voids between the pellets. Figure 1(b), corresponding to the second
protocol, presents also a heterogeneous sample because of the voids between pellets
and the segregation of powder. Figure 1(c), corresponding to the third protocol, shows
a homogeneous sample, though many voids were observed between the pellets.
A value of qd ¼ 1:41Mg=m3 and qd ¼ 1:43Mg=m3 were found for the first and

Table 2. Initial conditions on MX80 bentonite powder

Initial conditions

Initial suction 190.9 MPa
Initial water content 3.2%
Unit mass of bentonite particles 2.77 Mg/m3

Fig. 1. Microfocus X-ray computed tomography observations of a mixture of powder/pellets of
bentonite with a proportion of 20/80 in dry mass obtained by three different protocols (Molinero
Guerra et al. 2016)
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second protocols respectively, which were smaller than the target dry density ðqd ¼
1:49Mg=m3Þ.

Finally, taking into account the target dry density and homogeneity, the third
protocol was chosen in order to prepare the MX80 pellet/powder mixture sample.

3 Experimental Methods

Several oedometer tests under controlled suction conditions were carried out on a
mixture of MX80 pellet/powder with a proportion of 80/20 in dry mass prepared at a
dry density of qd ¼ 1:49Mg=m3. Both pellets and powder will be at their initial state
(s = 138.4 MPa and w = 7.25% for pellets and s = 190.9 MPa and w = 3.2% for
powder). In this study, vapour equilibrium technique (VET) was selected for suction
control, by using a saturated salt solution. Figure 2 shows the experimental setup of
suction controlled oedometer test.

The dimensions of the cell are 50 mm of diameter and 35 mm of height. We can
calculate the mass of pellets and mass of powder for each sample.

qd ¼
m1

V1
;V1 ¼ pD2h

4
; cd ¼ qd � g ¼ 1:49Mg=m3 ð1Þ

m1: The total mass of dry pellets and powder
V1: The volume of cell

m2 ¼ mpellet;dry ¼ 0:8m1 ð2Þ

m3 ¼ mpowder;dry ¼ 0:2m1 ð3Þ

Fig. 2. Experimental setup of suction controlled oedometer test (Wang et al. 2013)
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As it was explained above, the pellets have an initial water content w1 ¼ 7:25% and
the powder has an initial water content w2 ¼ 3:2%. Taking into account of the initial
water content of both pellet and powder:

m4 ¼ mpellets ¼ 1þw1ð Þ � m2 ð4Þ

m5 ¼ mpowder ¼ 1þw2ð Þ � m3 ð5Þ

After the calculations, we have:

m4 ¼ 87:40 g ð6Þ

m5 ¼ 21:13 g ð7Þ

4 Experimental Results

In the test, the displacement Dh was recorded by micrometer every 300 s in the suction
controlled and loaded situation. The dimensions of the cell are 50 mm of diameter and
35 mm of height ðHoÞ. When equilibrium was reached, so the evolution of Dh with
time is stable, the volumetric strain ev can be calculated by this formula:

ev ¼ Dh
Ho

ð8Þ

At the end of each loading, the corresponding volumetric strain is obtained. This
deformation is linked with the corresponding void radio. This initial void ratio is
calculated according to the dry density of MX80 pellet/powder mixture qd and density
of solid particle qs. The initial void ratio e0 was calculated by the formula below:

e0 ¼ qs
qd

� 1 ð9Þ

The void ratio is calculated at the end of each level of pressure with the following
expression

e ¼ 1þ e0ð Þev þ e0 ð10Þ

The changes in volumetric strain with time during suction imposition for samples
equilibrated at 0 MPa, 9 MPa and 138 MPa of suction are presented in Fig. 3. It is
noted that higher volumetric strain was observed at 0 MPa of suction. A volumetric
strain of 21.1%, 8.9% and −0.5% was found for suction of 0, 9 MPa and 138 MPa,
respectively.
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Once equilibrium arrived at the imposed suction, samples were submitted to
controlled-suction compression. The compression curves are presented in Fig. 4 in a
diagram giving the changes in void ratio e with respect to vertical net stress ðrv � uaÞ
in which ua is the air pressure, equal to the atmospheric pressure. Given the significant
concerns about the validity of effective stress in unsaturated soils, it was preferred to
use the independent variables approach involving the vertical net stress ðrv � uaÞ and
suction ðs ¼ uw � uaÞ, (Coleman 1962).

Figure 5 shows the results of Wang et al. 2013, the compression curves in a
diagram giving the changes in void ratio e with respect to vertical net stress ðrv � uaÞ.

Initial void radios were very different because of the significant dependence of
initial swelling with respect to the suction imposed, when the suction increased.

In the Figs. 4 and 5, the compression curves are characterized by an initial linear
branch with a low compressibility (pseudo-elastic domain) followed by a second
branch with a higher compressibility (plastic domain). In the diagram of Wang, there is
a slight upward curvature at higher stresses, and each sample exhibited a slightly

Fig. 3. Evolution of the volumetric strain with time

Fig. 4. Void radio of samples versus vertical net stress for 0 MPa, 9 MPa and 138 MPa
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S-shaped compression curve. As suggested by other authors, the points at high stresses
were not used for determining the compression coefficient ðCcÞ.

The yield stress ðrvÞ delimitates the pseudo-elastic zone and the plastic one. It is
noted both in the Figs. 4 and 5 when the suction increased, the yield stress ðrvÞ
increases too, though entire suction 9 MPa and suction 138 MPa, the increase is not too
evident.
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Abstract. Wetting front advancing method is of lower cost and faster experi-
mental progress for measuring the unsaturated hydraulic conductivities. In this
paper, a new method is proposed to identify the wetting front, in which the
monitored data is used to infer wetting front. Data analysis of three column tests
reported by earlier scholar proves that the newmethod is applicable.Wetting front
advancing method can be used to analyze wetting column test data and offer high
quality results of unsaturated hydraulic conductivities. The limitation of a clear
wetting front that can be observed is not necessary. The remove of this limitation
will greatly expand the applicability of the wetting front advancing method.

Keywords: Wetting front advancing method � Soil column test
Instantaneous profile method � Unsaturated hydraulic conductivities

1 Introduction

Wetting front advancing method (Li et al. 2009) can be used to measure the unsaturated
hydraulic conductivities of soil. It is of lower cost and faster experimental progress
comparing the instantaneous profile method. Both the capillary rising process (Lu and
Likos 2004) and infiltration process can be used in analyzed by the wetting front
advancing method. However, the accuracy of these two methods is still lack of a
thorough comparison.

In this paper, the data of soil column test reported by (Cui et al. 2008; Ng and
Leung 2012) are analyzed by both wetting front advancing method and instantaneous
profile method. The accuracy of two methods and the key parameters involved in these
methods are also discussed.

2 Soil Column Test and the Determination of Wetting Front
Advancing Velocity

Soil column test is often used to study the water infiltration or capillary process in
single layer or multilayer soils (Li et al. 2009). Li et al. (2009) initially reported that a
clear wetting front that be observed is required. However, it is not right. In fact, wetting
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front can be extracted from the monitored data in the cases where no clear wetting front
(WF) is observed.

As shown in Fig. 1, there are three monitoring sections A, B, and C. If a water
content hc is used as an indicator of wetting front, hc may be monitored in sections A, B
and C at time of tA, tB and tC, respectively. The distances between the infiltration
boundary and sections A, B; and C are hA, hB and hC. The relation between distance
and time is plot in Fig. 2 and fitted by exponential function. Further, the wetting front
velocity can be extracted as,

v tð Þ ¼ @h
@t

ð1Þ

Fig. 1. Soil column test
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With using the assumption that the wetted zone is advancing uniformly, the
hydraulic conductivity can be calculated as

k ¼ ðh2 þ h1Þ � 2h0
2ðw1 � w2 þ acwvdtÞ

cwv
2dt ð2Þ

where h1; h2 are the volumetric water content monitored at time t1; t2; w1, w2 are the
suction at time t1; t2; h0 is the initial water content; cw is the bulky weight of water; a is
the sine of the flow direction, as 1 for downward flow, −1 for upward flow, and 0 for
horizontal flow.

3 Verification of the Fitted Wetting Front Advancing Velocity

The data from Li et al. (2009) are used to verify the fitting wetting front advancing
velocity. Four monitoring sections are used Li et al. (2009). The water content records
at these four sections are illustrated in Fig. 3. Giving a specific critical volumetric water
content hc, the time when wetting front arrives the monitored sections can be extracted
from the water content record, as tA, tB, tC and tD shown in Fig. 3. hc is supposed to be
larger than the initial water content h0 and smaller than the maximum water content in
the primary rising stage, as the available range for hc illustrated in Fig. 3.

The capillary rising column test of sandy silt reported in Li et al. (2009) is used as
an example. For that test, the relation between the locations of monitoring sections h
and the wetting front arriving time t is plotted in Fig. 4a. Three hc values as 0.06, 0.1
and 0.15 are used to investigate the influence of the specific hc on the wetting front
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content records in the capillary rising column test of sandy silt
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advancing curve. It can be seen from Fig. 4a that these curves are very close. Further,
the wetting front advancing velocity extracted from these curves are nearly identical, as
shown in Fig. 4b. That’s to say, the error from a specific hc is negligible if hc is picking
from the reasonable range.

From Fig. 4, it can be concluded that a clear wetting front is not a necessary
condition for the wetting front advancing method and the remove of this limitation will
greatly expand the applicability of the wetting front advancing method.

4 Data Analysis for the Column Test Reported
by Cui et al. (2008)

Cui et al. (2008) reported a valuable flux-controlled column test. The test data also can
be analyzed by wetting front advancing method to obtain hydraulic conductivity.

Cui et al. (2008) did not record the observed wetting front curve, but reported the
suction profiles recorded at different time and soil water characteristic curve (Fig. 7 and
Eq. 3 in Cui et al. 2008). Based on the suction profiles and soil water characteristic
curve, the water content profiles at different time can be obtained, as plotted in Fig. 5.

Using hc as 0.16, 0.17, and 0.18, the wetting front advancing process obtained is
illustrated in Fig. 6. The wetting front advancing velocity calculated by these three
values have a difference of 2 times.

After the wetting front advancing velocity is obtained, it can used to solve the
hydraulic conductivity. It should be mentioned that the local initial water content at the
monitoring section should be used as h0 in the data analysis adopting WFAM in case
that the initial water content varies with monitoring section. This is an upward capillary
test, the sine of the flow direction, a will be used as −1.

For the data at section A (hA = 50 mm), the hydraulic conductivities calculated by
wetting front advancing method (WFAM) is compared with those calculated by
instantaneous profile method (IPM), which is conducted and reported by Cui et al.
(2008). As shown in Fig. 7, the results from WFM are more reasonable than those from
IPM. WFM shows great advantage in this data analysis.

Fig. 4. Wetting front advancing process determined by various critical volumetric water content
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Fig. 5. Water content profiles at different time
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5 Data Analysis for the Column Test Reported
by Ng and Leung (2012)

Ng and Leung (2012) reported another valuable data of column test where both the
suction profiles and water content profiles at various time are reported (as those shown
in Figs. 5 and 6 in Ng and Leung 2012). Based on these data of wetting test under zero
vertical stress (SC0 test in Ng and Leung 2012), the wetting front advancing velocity is
calculated and plotted in Fig. 8.

Similarly to the process used in Sect. 4, the wetting front advancing velocity is used
to solve the hydraulic conductivity. The local initial water content at monitoring section
is also used as h0 in the WFAM. This is a downward infiltration test, the sine of the
flow direction, a will be used as 1.
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The hydraulic conductivities calculated by using the wetting front advancing
method are compared with those reported by Ng and Leung (2012) in Fig. 9. It is clear
that the results from WFAM and IPM are consistent for this test.

6 Summary

As proved by the data analysis, wetting front advancing method is applicable to wetting
column test and can offer high quality results for unsaturated hydraulic conductivities.
The limitation of a clear wetting front that can be observed is not necessary and the
wetting front can be inferred from the data monitored by sensor. The remove of this
limitation will greatly expand the applicability of the wetting front advancing method.

However, wetting front advancing method is still not applicable to the drying
process of soil (Fujimaki and Inoue 2003).
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Abstract. The shear strength of sliding-zone soil is the focus of slope stability
evaluation. The shear strength of undisturbed sliding-zone soil is hard to attain
by traditional testing method owning to its softy and high water content. A new
testing method and device is put forward in this paper, in which the shear test of
sliding-zone soil can be conducted in the circular knife, which reduces the
disturbance and improves the accuracy. Meanwhile, the shear strength of soil
under different water content can be obtained. In combination with the micro-
scopic test technique, the microstructures of the shear surface of the sliding zone
can also be observed. Results show that: (1) the method and device for deter-
mining the strength of the sliding-zone soil are effective and can be used to study
the strength of the sliding-zone soil. (2) Due to the shear stress, minerals in the
middle zone break away from their original position and they are squeezed into
smaller ones. (3) It’s proved that the landslides are related to the watercourse
formed initially in the sliding zone.

Keywords: Shear strength � Sliding-zone soil � Water content

1 Introduction

The shear strength parameters of the slip zone soil are the basis for the quantitative
evaluation of the landslide stability, the calculation of the landslide thrust and the
remediation project. If the angle of internal friction varies from 1 to 2°, the thrust of the
landslide may increase exponentially [1, 2]. Therefore, the accurate of soil strength
parameters is of great significance [3]. A large number of studies have shown that the
activities of the landslide depends on the changes in the stress state and intensity of
sliding-zone soil, and these changes ultimately depend on the type, microstructure,
material composition and formation mechanism of the slip zone and so on [4, 5].

Many of scholars have been studying the change of soil under the conditions of
changing stress from the perspective of combining the macro performance with
microcosmic changes. Among them, Liao et al. [6], Li et al. [7] studied the natural and
saturated samples strength characteristics in sliding zone under different stress state and
different water content using the ring shear method. Li [8], Li [9] believe that the results
of three-axis cutting method is satisfying, but the sliding surface is difficult to deter-
mine while the operation is more difficult; remoded soil can gain the remain intensity
by multiple straight shear, but the structure of the undisturbed soil can not be taken into
account. The in-situ experiment of straight shear is more realistic. But owning to the
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limitation of the pit excavation and sample making, it is difficult to popularize.
Surface strength measured by natural sliding surface shear test is the most ideal, but the
sampling is more difficult. Xing et al. [10, 11] found that there were not direct rela-
tionships between the internal friction angle and the water content, The internal friction
angle of the same soil was essentially a stable value.

Li et al. [12] suggested that the study of the mineral composition of sliding soil
should be strengthened, and that the combination of multidisciplinary theory and
method should be studied for micro and macro research. Zhang et al. [13] found that
the sliding zone soil strength decreased rapidly with the water reaction. Shi et al. [14]
studied the material composition and microstructure characteristics of sliding soil by
using the microscopic identification and X-ray diffraction detection. Liu et al. [15]
found that the microscopic morphology of the soil particles on the shear plane has
obvious fractal characteristics by using scanning electron microscopy. Jiang et al. [16]
quantitatively analyzed the inner and outer microstructures of Zhuhai seabed soft soil
shear zone and found that there were significant differences in the grain arrangement
between the shear zone and its edge.

These studies have contributed to the understanding of the macro-microscopic
properties of sliding-zone soil. However, in the existing test method, there are some
problems such as the difficulty of the indoor test sampling and the inability to observe
the microcosmic change during the sliding process, especially when the water content
is increased. Aiming at the above problems, a test method is proposed in which the
disturbance of the soil under high water content can be avoided and the changes of
different mineral forms and composition could be observed in the shearing process.

Taking into account the previous studies, some scholars believe that the water
content on the remodeling of the internal friction angle of loess has little effect. In this
article, from the perspective of water content impact on the cohesion, the Xi’an -
Tongchuan Expressway along the Jingyang a landslide area Q2 reshaping loess is
selected. Using the independently invented shear instrument, the change of
microstructure and mineral shape in sliding zone can be observed. The microstructural
characteristics of the shear zone are analyzed from the perspective of deformation and
evolution of the particles in order to establish the relationship between the microscopic
change and the macroscopic manifestation in the shear zone. It has certain theoretical
and engineering practice for the slope stability analysis and prevention.

2 Test Equipment and Sample Preparation Steps

2.1 Shear Test Equipment, Sample Preparation and Test Procedures

Shear test equipment

The schematic of the strip-map shear device in the shear test equipment (Fig. 1) is
shown in Fig. 2. Strip type pure shear device consists of left and right fixture and a pair
of loading fixture in the middle part. The size of those are demonstrated in Fig. 2 (A-A′,
B-B′) and Fig. 2 (C-C′). During the test, the position of the left and right pairs can not
be changed, and the loading fixture move relatively vertically under the vertical
external loads. At the same time ring knife matched with the pure shear device is
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designed. The ring knife consists of four arc-shaped part with 20 mm in height,
61.8 mm in diameter and 2 mm in wall thickness. In the preparation of soft original
sliding zone soil, the four ring knife are stitched and tape is used to wrap around the
ring knife to fix ring knife. The soft sample is prepared by sample cutting, and the
adhesive tape is cut with a blade after the belt shearing device is installed. The large
ring knife at both sides are removed while, two small ring knife are still remain, as
shown in Fig. 2. The device prevents the sample from being pushed out of the ring
knife and causes the sample to be disturbed.

For simplicity, the consolidation device has been modified serving as the loading
device of this test as shown in Fig. 1(a), but when the water content is too high, the
weight is directly loaded as shown in Fig. 1(b). The vertical displacement of the
loading chuck is collected by means of an electronic digital micrometer, and the
displacement is stored in the computer synchronously with time.

This device can not only be used to study the impact of water on the shear strength
of soil. In combination with the microscopic test technique, the microstructures of the
shear surface of the sliding zone can also be observed.

Pure shear test sample preparation

The loess selected for this experiment is a landslide and loess (Q2) in Jingyang. The soil
samples were light grayish yellow and mainly consist of silty clay with high water
content. The soil is homogeneous and some areas have white salt. The natural water

(a) loading by consolidation apparatus (b) loading by weight

Fig. 1. Experimental apparatus

(a) Shear device                             (b) The four ring knife
A-A ' —Left fixture C-C ' —Loading fixture 

F

A

A`

B

B`

C

C`

B-B' — Right fixture

Fig. 2. Strip-map shear device design schematic
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content was measured to be 9% and the dry density was 1.45 g/cm3. Plastic limit water
content is 17.26% and liquid limit water content is 26.3%.

In order to verify that if the equipment can be used to determine the strength of soft
sliding zone soil under high water content, We dry soil samples naturally. After
grinding, soil pass over 2 mm sieve. The dry density is 1.45 g/cm3 and water content is
17%, 20%, 23%, and 26%, respectively. Four groups of remolded loess were prepared
by pressing method. There are 3 samples in each group. The sample is cylindrical with
a height of 20 mm and an inner diameter of 61.8 mm.

2.2 SEM Test Equipment, Sample Preparation and Test Procedures

SEM sample preparation

The soil sample with dry density of 1.45 g/cm3 and 9% water content is selected.
Developed shear equipment is used for research. As a preliminary attempt, this test
only carried out a microscopic observation of the shear plane after load. A force of
38.5 N is applied to the sample, and the soil samples are cut and the two shear bands
appeared. The configured epoxy resin solution is dropped into the shear slit and
dropped once every hour until the epoxy solution was no longer infiltrated to cure it.
The sample was allowed to stand for 24 h and placed in a thermostat and dried at a
temperature of 60 °C. The soil samples are taken out of the ring knife after drying cut
along the vertical direction of the shear band. A preliminary grinding and polishing of
the section after the cutting shear band is carried out and a spray treatment is performed
on the surface of the shear joint (Fig. 3).

Electron microscopy scanning test

In this study, JSM-6390A scanning electron microscopy was used. The prepared
sample is fixed with a conductive tape on a sample table and then sample table is placed
in the scanner. After vacuumization, scanning start.

The mineral morphology of the edge of the shear zone and the mineral composition
were magnified by 500 times to obtain the microstructure image. At the same time, the
energy spectra of the seven elements of AL, Ca, Fe, K, Mg, Na and Si were selected for
the post-processing.

Dropping resin sample

shearing band Scanning surface

shearing 
b d

Fig. 3. Sample preparation for SEM
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The scanned energy spectrum image, such as the energy spectrum scanning image
of Fig. 4(b) Si element, is endowed with the emerald color by using the Photoshop
software, as shown in Fig. 4(c). Similarly, the other six elements are given different
colors, and then the processed seven elements of the energy spectrum scan images
superimposed on the base map. Color scanned films are shown in Fig. 4(d). The
colored film is spliced to obtain the mineral morphology of the shear zone [17].

3 Experimental Results Analysis

3.1 Analysis of Shear Test Results

The shear test was used to complete the pure shear test of Jingyang Q2 remolded loess
in a dry density of 1.45 g/cm3, four groups of water, and a total of 12 samples. There
were three parallel samples in each group. The shear strength of the remolded loess is
presented in Fig. 5.

The results show the shear strength of remolded loess at the dry density of
1.45 g/cm3 decreases with the increase of water content. At the same time, the relia-
bility of the test equipment was verified.

(a) base map (b) Si element (c) Give color (d) color film

Fig. 4. Microscopic image processing

Fig. 5. The relational curves of shear strength with shear displacement of remolded loess
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3.2 Multi-scale Structural Analysis of Shear Zone

The chromatographic image of the processed scanning electron microscope is spliced
as shown in Fig. 6(d).

The maximum slit width D4 is 183.46 lm, the shortest seam width D24 is
17.32 lm, and the average seam width is 65.56 lm, as shown in Table 1, using the
computer. From Fig. 6 we can see Jingyang reshaping loess in the quartz, feldspar,
carbonate mineral particles are relatively small. The minerals in the middle of the shear
slit are separated from the original position by the shear stress, and the friction is
increasing in the seam, so that the mineral particles are squeezed, rubbed, cut and
become small particles of particles. At the same time the soil particles in the seam

Fig. 6. Microstructure morphology of minerals in shearing band
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move, friction makes small particles which located in two sides of the shear surface rub
off. The particles in the seam were run off due to epoxy resin solution falling into the
shear cracks in the process. The resulting shear seam is wider.

When epoxy resin solution infiltrated, the small mineral particles in cracks washed
and blocked in the middle of D7 and D8 to form mineral aggregates. The same is true
for small particles around D10.

There are many obvious mineral aggregates formed in the shear seam between D12
and D13 by shear action. The right side of the shear surface can be clearly observed the
quartz mineral formed by shear action on the fracture surface between D12 and D13,
but because the corresponding half of the other quartz mineral in the shear seam by
rubbing, Cut, and the scouring of epoxy resin, it can not find the corresponding broken
quartz. A long strip of filamentous objects located in between D17 and D21, the
analysis is that a fiber embed into the grinding of the sample. The formation of the
shortest shear gap located in D24, the mineral fracture and broken phenomenon
appeared between D24 and D26. The particles can clearly be observed in the scanning
plane. The degree of mineral fragmentation was serious. The entire seam showed
dog-like staggered, wide width of the gap, no regular.

Soil under the shear action, the length of the shear zone is different, the internal
small particles may be washed away by the epoxy resin solution, also proved that the
slide in the sliding process, the belt will form a good water channel. When the rain is
encountered, the landslide is prone to secondary slippage.

4 Conclusion and Suggestion

The pure shear test was carried out for Jingyang high water content remodeling loess.
Through the microstructure test of soil shear joint, the following conclusions are
obtained:

(1) The effectiveness of independently developed test equipment was verified and it
can be used under high water content. The shear strength of remolded loess
decreased with the increase of water content under the condition of dry density of
1.45 g/cm3.

Table 1. Statistics on seam widths of shearing band

Numbering D1 D2 D3 D4 D5
Seam width/lm 19.90 102.33 113.18 183.46 49.354
Numbering D6 D7 D8 D9 D10
Seam width/lm 49.35 55.56 59.69 126.87 24.55
Numbering D11 D12 D13 D14 D15
Seam width/lm 45.22 32.56 37.21 88.89 56.59
Numbering D16 D17 D18 D19 D20
Seam width/lm 24.55 69.77 55.30 36.96 78.30
Numbering D21 D22 D23 D24 D25
Seam width/lm 126.36 58.65 85.01 17.31 42.12
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(2) Minerals in the middle of the shear fractures, due to shear stress, breaks away
from the original position and the friction resistance increase. Consequently,
mineral particles are squeezed, rubbed, cut to smaller mineral particles. At the
same time, because of the movement of the soil particles, the tiny mineral particles
in the two sides of the shear fractures are rubbed off, which makes the fracture
wider.

(3) Through the measurement of the fracture width, it is proved that the second
landslide is prone to slip due to the loose channel formed in the first sliding process.
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Abstract. The gassy soil or quasi-saturated soil which containing entrapped
gas bubbles is a special type of unsaturated soils. Gassy soils could exist in
many situations such as offshore geotechnical engineering and water infiltration
under heavy rains. For this type of soil, the deformations due to the air com-
pression cannot be ignored, which is usually described as the compressibility of
the air-water mixture. This paper aims to calculate the compression coefficient of
air-water mixture and propose the consolidation equation of gassy soils. Based
on the conceptual model of small bubbles, deformation characteristics of
entrapped gas bubbles, Bolye’s law of ideal gas and surface tension effects, the
compression coefficient of air-water mixture in gassy soils is derived. The
presence of gas could influence the process of soil consolidation, and the
entrapped gas bubbles are considered to be drained off along with pore water in
the process of consolidation. The deformation of the soil during consolidation
could be divided into two parts: one part is the compression deformation due to
draining of air-water mixture, and the other part is the compression of the
air-water mixture. The derived compression coefficient equation of air-water
mixture is used to establish the consolidation equation of gassy soils. Calcula-
tion results using our model are compared with the experimental data from
literatures, and the results show that the proposed model could properly reflect
the consolidation behavior of gassy soils.

Keywords: Gassy soils � Air-water mixture � Compression coefficient
Consolidation equation

1 Introduction

In many practical projects, soils are unsaturated. Researchers have already done a great
deal of theoretical and experimental research on the unsaturated soils. All unsaturated
soil may be separated into three major categories [1]: (1) unsaturated soil with con-
nected pore air and connected pore water; (2) unsaturated soil with connected pore air
and disconnected pore water; (3) unsaturated soil with disconnected pore air and
connected pore water in the skeleton. The third type of soil is usually called gassy soil.
Faybishenko [2] has proposed a concept of quasi-saturation to describe the porous
materials with entrapped gas bubbles.
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In many cases, the pore air and water are assumed to be a compressible mixture so
as to simplify the analysis, and then the consolidation behavior can be analyzed [3–5].
Due to the biochemical process, soils in the coastal area mostly contain gas bubbles.
Some researchers carried out a thorough research on gassy soils with the reference of
offshore geotechnical projects. Nageswaran [6] and Thomas [7] have studied the
consolidation characteristic of coastal gassy soils from the perspectives of sample
preparation, consolidation test, theoretical analysis and numerical simulation. Wheeler
[1] has explored the existing form and size of pore gas bubbles. And on this basis, a
conceptual model of gassy soil was proposed to predict the consolidation properties.
The size of entrapped gas bubble has a direct impact on soil mechanical properties. The
research on soils containing either large or small bubbles has been carried out much
further by Pietruszczak [8]. There are many other researchers who have done relevant
studies on quasi-saturated soils [9].

This paper focus on the third type of unsaturated soil which is mentioned above.
The gas bubbles are small enough so that disconnected pore air and connected pore
water are existed in the skeleton of the soils. It is assumed that the air-water mixture of
the gassy soil is compressible. On the basis of this assumption, an equation is derived to
calculate the compression coefficient of air-water mixture. And then the consolidation
equation of gassy soils is developed based on compression coefficient. Finally the
calculation results are compared with the experimental data from literatures.

2 The Compression Coefficient of Air-Water Mixture

The existence of gas bubbles would significantly increase the compressibility of the
air-water mixture. Fredlund [5] pointed out that as low as one percent of air content
could have a significant impact on the compressibility. Thus, the compressibility of the
air-water mixture due to existence of gas bubbles cannot be neglected.

The general definition for the volume compressibility C is:

C ¼ � 1
V
dV
du

ð1Þ

in which u is the pore fluid pressure or the reference pressure; V is the total volume.
For the air-water mixture, the total volume V is the sum of the pore water volume

Vw and the gas bubbles volume Vg, it can be expressed as:

V ¼ Vw þVg ð2Þ

Thus the compressibility of the air-water mixture can be calculated using the fol-
lowing equation:

Cgw ¼ � 1
Vg0 þVw0

d Vg þVw
� �

du
ð3Þ

in which u is a reference pressure for the mixture.
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For simplification of analysis, some assumptions are made that the shapes of all the
entrapped gas bubbles are uniform spheres, all the gas bubbles are of a size, the
pressures in the bubbles are the same, which is the pore air pressure ug.

The entrapped gas bubbles in the air-water mixture are regarded as the ideal gas,
following Bolye’s law on the condition of constant temperature, so the relation between
the gas bubbles volume and the pore air pressure is as follows:

Vg0ðug0 þPaÞ ¼ Vgðug þPaÞ ð4Þ

where the subscript 0 represents the initial state; Pa is the atmospheric pressure, equal
to 101.3 kPa.

Considering the impact of the interface tension of air and water, the relation of the
pore air pressure ug and the pore water pressure uw can be expressed as

ug ¼ uw þ 2q=r ð5Þ

where q is the surface tension coefficient; r is the radius of curvature of the gas bubble.
The value of q decreases with increasing air pressure, however, Schuurman [10]
reported that q value variation can be neglected and q is equal to 7.4 � 10−3 N/m. For
small bubbles, r is equal to bubble radius.

According to Henry’s laws, the volume of gas dissolved in water can be calculated
as follows:

Vda ¼ HVw ð6Þ

where H is the coefficient of solubility. The value of H decreases with increasing air
pressure, but the changes could be neglected and H is equal to 0.02 at 20 °C.

Based on the above, as the pore water pressure uw changes, the gas volume Vg

changes accordingly, so the pore water pressure uw is used as a reference pressure.
Because of the incompressibility of pure water without air, the pore water volume Vw

can be considered to maintain invariable, then Eq. (3) becomes:

Cgw ¼ � 1
Vg0 þVw0

dVg

duw
ð7Þ

Based on the Bolye’s law, the following equation is obtained:

ðVg þVdaÞðug þPaÞ ¼ ðVg0 þVda0Þðug0 þPaÞ ð8Þ

The relation between the pore water pressure and the pore air pressure is:

ug0 ¼ uw0 þ 2q=r0; ug ¼ uw þ 2q=r ð9Þ
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Assuming the shapes of all the entrapped gas bubbles are uniform spheres and the
number of gas bubbles in the air-water mixture to be N, then:

Vg0 ¼ N
4
3
pr30 ; Vg ¼ N

4
3
pr3 ð10Þ

This results in:

r
r0

¼ ðVg

Vg0
Þ13 ð11Þ

Substituting Eqs. (9) and (11) into Eq. (8), following relation is obtained:

dVg

duw
¼ � Vg0 þVda0

ðVg þVdaÞ2
ðuw0 þ 2q

r0
þPaÞþ 2q

3r0

1
Vg

ðVg0

Vg
Þ13

" #�1

ð12Þ

which inserted in Eq. (7) gives:

Cgw ¼ 1
Vg0 þVw0

Vg0 þVda0

ðVg þVdaÞ2
ðuw0 þ 2q

r0
þPaÞ � 2q

3r0

1
Vg

ðVg0

Vg
Þ13

" #�1

ð13Þ

For those cases when the water saturation is close to 100% or equal to 100%, only
gas dissolved in water is left. The calculated Cgw is still significantly affected by the
pore water pressure uw. The reason is that the dissolved air also obey Bolye’s law in the
equation. However, Dorsey [11] had measured the compressibility of saturated water
with dissolved air at different temperatures and pressures, and found that this com-
pressibility has little changes at different temperatures and pressures. Researchers such
as Fredlund had argued that this compressibility value can be taken as 4.58 � 10−7

kPa−1 from Dorsey’s tests.
This article suggests that it is more reasonable to deal with the dissolved gas by

referring to Dorsey’s test results. We will take into account the dissolved gas and water
as a whole whose compressibility Cw is equal to 4.58 � 10−7 kPa−1. S0 is the initial
saturation degree. Therefore, the compressibility of the air-water mixture Cgw can be
modified into:

Cgw ¼ 1
Vg0 þVw0

Vg0

V2
g
ðuw0 þ 2q

r0
þPaÞ � 2q

3r0

1
Vg

ðVg0

Vg
Þ13

" #�1

þ S0Cw ð14Þ

3 Consolidation Model for Gassy Soils

Through the analysis of compressibility of the air-water mixture above, the deformation
of the gassy soils during consolidation could be divided into two parts: one part is the
compression deformation due to draining of air-water mixture, and the other part is the
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compression of the air-water mixture. So the volume conservation equation of gassy
soils in the process of consolidation can be expressed as:

dQ ¼ dVv þ dVgw ð15Þ

where dQ is the total volume of air-water mixture outflowing from a soil element; dVv

is the volume of the air-water mixture due to pore pressure dissipation; dVgw is the
volume of the compression of the air-water mixture.

Based on the analysis above, the constitutive equation of one-dimensional con-
solidation for gassy soils can be written as:

k
cgw

@2uw
@z2

dxdydzdt ¼ 1
D
@uw
@t

dxdydzdtþ n
Dgw

@uw
@t

dxdydzdt ð16Þ

where k is the permeability coefficient of air-water mixture; cgw is the unit weight of
air-water mixture; n is the porosity of gassy soil; D is the compression modulus of the
soil skeleton; Dgw is the compression modulus of the air-water mixture.

The unit weight of air-water mixture cgw can be obtained by definition:

cgw ¼ Scw ð17Þ

where S is the saturation of gassy soil at any moment; cw is the unit weight of water.
Equation (16) can be written as the standard form of one-dimensional consolidation

equation:

Cv
@2uw
@z2

¼ @uw
@t

ð18Þ

where Cv is the consolidation coefficient. Considering the compressibility of air-water
mixture, Cv can be written as:

Cv ¼ k=ðScwÞ
a

1þ e þ e
1þ e Cgw

ð19Þ

The initial and boundary condition in the one-way drainage test can be expressed
as:

t ¼ 0; 0� z�H; uw ¼ r;
0\t\1; z ¼ 0; uw ¼ 0;
0\t\1; z ¼ H; @uw

@z ¼ 0:

in which, z is the depth of the soil sample, r is the total stress applied, H is the
maximum water discharging distance.
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When Cv is constant, the theoretical solution of Eq. (18) can be derived:

uw ¼ r
X1
m¼0

2
M

sin
Mz
H

expð�M2TvÞ ð20Þ

in which,

M ¼ 1
2
ð2mþ 1Þp; Tv ¼ Cv

H2 t ð21Þ

The average degree of consolidation can be defined using pore pressure:

U ¼ 1�
X1
m¼0

2
M2 expð�M2TvÞ ð22Þ

In fact, Eq. (18) is a partial differential equation with varied coefficient. Because Cv

is concerned with the pore water pressure uw, it is necessary to dividing time steps into
much smaller intervals and the consolidation coefficient is considered as a constant at
each interval during each time step. Substituting the consolidation coefficient into
Eq. (20), the pore water pressure uw can be obtained. And then Cv in the next interval
can be calculated by uw. After obtaining the pore water pressure and the average degree
of consolidation, the deformation of sample can be calculated:

sðtÞ ¼ UðtÞ � sf ð23Þ

where s(t) is deformation at time t, U(t) is the average degree of consolidation at time t,
sf is the final displacement which can be computed with the volume compressibility.

Specifically, at fully saturated state, the effect of pore air is neglected, which means
Cgw is equal to 0, the derived solution will degenerate into Terzaghi’s consolidation
equation, and the calculated results are the same.

4 Model Validation

For validating the consolidation model, the calculation results are compared with the
experimental data from Nageswaran [6]. In the literature, a technique was presented to
make remoulded gassy soils with different gas contents. Using the remoulded samples,
tests under different initial degrees of saturation and different consolidation pressures
were carried out. The initial thickness of each sample is 40 mm and diameter 100 mm.
Some of the test results are used to compare with the calculation results. The initial
degrees of saturation S are 80%, 90% and 95% while the consolidation pressure levels
include 50 kPa, 100 kPa and 200 kPa. Multi-stage loading was adopted. The loading
interval is about 11 h, corresponding data are extracted from the calculation results. The
comparison of calculation results and experimental data is shown as Figs. 1, 2 and 3.

In general, the model simulations compare well with the experimental results. As
shown, the total settlement increases with the increase in gas content. However the time
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taken to achieve basic stable settlement from these curves for different gassy soils
shows no significant variation. In the first 3–4 h, the displacement increases rapidly.
And then the increase is slowed and the displacement gradually flatten within about
11 h. Significantly, there is an obvious instantaneous deformation at the initial loading.
This is due to the compressibility of the air-water mixture in the gassy soils at the
beginning of loading. The instantaneous deformation increases with the gas content and
consolidation stress. Therefore, this directly caused the different total settlement of the
samples.
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Fig. 1. The displacement-time curves under the consolidation stress of 50 kPa.
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Fig. 2. The displacement-time curves under the consolidation stress of 100 kPa.
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Fig. 3. The displacement-time curves under the consolidation stress of 200 kPa.
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5 Conclusion

In this study, based on some simplified assumptions, the compression coefficient of
air-water mixture in gassy soil is derived. And then, the consolidation equation of gassy
soils is established. Compared with experimental results presented in the literature, the
following conclusions are obtained:

(1) The proposed one-dimensional consolidation equation of gassy soil could prop-
erly reflect the consolidation behavior of the gassy soil even though some sim-
plified assumptions are made. The calculation results compare well with the
experimental results.

(2) Immediate displacement change occurs in a gassy soil as the air-water mixture is
compressed when the pressure is applied. And the subsequent consolidation rate
decreases as the gas bubbles expand.

(3) Under the same consolidation pressure, the lower the saturation, the larger the
displacement. Therefore, it is reasonable to consider the compressibility of the
pore air-water mixture during the consolidation computation of gassy soil.

The article just discusses the preliminary research achievement about the com-
pressibility of gassy soil. Based on this research, follow-up studies will be taken.
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Abstract. Compacted bentonites are popularly being considered as buffer or
backfill material in high level nuclear waste repositories around the world. These
bentonites may undergo various conditions including hydration from around
geo-environmental water and heating by the radiation of the used fuel during its
period of operation. Water retention properties of as-compacted Czech bentonite
B75 with three initial dry densities (1.27 g/cm3, 1.60 g/cm3 and 1.90 g/cm3) and
bentonite powders were investigated within temperature 20–80 °C at unconfined
conditions. Vapor equilibrium method was used to control constant relative
humidity. The influence of temperature on water retention properties was ana-
lyzed and discussed. Results show that the temperature decreased water reten-
tion capacity for all cases. The water retention capacity is lower at high
temperature especially at lower suction. The temperature has more significant
effect on drying path than wetting path. Furthermore, the volume swelling
decreased with the increased temperature upon saturation. The hysteretic
behavior decreased with the increase of temperature for all studied materials.

Keywords: Bentonite � Temperature � Water retention capacity

1 Introduction

Compacted bentonites are usually considered as engineered barrier material or backfill
material in high level nuclear waste disposal. These compacted bentonites are used to
fill the gap between canister and host rock, or as backfill material to seal the nuclear
waste disposal tunnel galleries. Under repository conditions, the compacted bentonite
will be hydrated by absorbing underground water from the host rock. Because the
manufactured bentonite pellets are usually of cylinder shape, unavoidable voids
between bentonite pellets. The voids between the compacted bentonite pellets will be
filled by the swelling volume of compacted bentonite when subjected to hydration.
During this period, the bentonite swells freely, as it is in unconfined conditions. Once
they fill the gaps, surrounding host rock will constraint the bentonite volume increase,
will be at constant volume conditions. The swelling pressure develop among host rock,
bentonite and canister.

Water retention capacity of compacted bentonite is one of the important charac-
teristics of hydro-mechanical behavior. During the operation of the repository,
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radiogenic heat released from the waste container invade the bentonite. For the safety
of the repository, it is necessary to study the influence of temperature on water retention
properties of compacted bentonite.

It is mostly accepted that the temperature can change the liquid–gas interfacial
tension and thus, in turn, it affects water retention curves [1]. The increased temperature
can decrease the swelling pressure [2]. Numerical modelling of the behavior of
unsaturated soil under non-isothermal conditions has been subject of many studies. For
example, Yao and Zhou [3] studied the change of yield surface under heating, Zhou
et al. [4] and François and Laloui [5] developed models, which were based on the
existing elastoplastic models, extended from isothermal condition to non-isothermal
condition. Mašín [6] developed a THM double structure hypoplastic model for
expansive soils.

In this paper, several tests will be described which were performed to investigate
the influence of temperature on water retention curves of compacted bentonite and
bentonite powders under unconfined conditions. The controlled temperature was 20 °C
and 80 °C respectively. The initial dry density of compacted bentonite was 1.27 g/cm3,
1.6 g/cm3 and 1.9 g/cm3 respectively and other bentonite was also studied in powder
state. The results will be compared and discussed.

2 Materials

The commercial Czech B75 bentonite extracted from the Cerny vrch deposit
(north-western region of the Czech Republic), was used in this study. It is a calcium
magnesium bentonite with a montmorillonite content around 60% and initial water
content about 10%. The plastic limit, liquid limit and specific density of solid particles
were 65%, 229%, and 2.87, respectively. These compacted bentonites and powders has
the same mineral compositions. For more detailed information about the Czech ben-
tonite B75, see Sun et al. [7].

3 Methods

Vapour equilibrium method described in Delage et al. [8] was applied to control the
suction. The relative humidity in the closed desiccator was controlled by different
saturated salt solutions. The total suction has a unique relationship with relative
humidity described by the following equation:

St ¼ RTqw=wð Þ � ln 1=RHð Þ ð1Þ

Where St is the total suction (kPa); R is the molar gas constant, which equals to
8.314462 J/(mol K); T is the absolute temperature (K); qw is the density of water; w is
the molecular mass of water vapour, which equals to 18.016 g/mol; RH is relative
humidity of the system which is defined as the ratio of partial pressure of vapour over
saturation vapour pressure.
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The relative humidity and total suction of each saturated salt solution under 20 °C
and 80 °C applied in this paper are listed in Table 1. The prepared samples of each
different initial dry density were dried in the oven at 110 °C for over 24 h. Then, the
samples were cut into small irregular pieces weighing between 0.8 and 1.5 g. These
small pieces were placed on the ceramic plate above the saturated salt solutions in each
desiccator for wetting test. For 80 °C, all the desiccators were put in the temperature
controlled environment. The samples could freely expand during wetting. It usually
took about 2 months to reach equilibrium. More detailed about the volume measure-
ment procedures are given in Sun et al. [12]. Thus, the void ratio and degree of
saturation can be obtained by knowing the sample volume and water content.

In water retention curve measurements half of the samples was tested directly under
wetting path starting from the oven-dried state, while the other half was equilibrated at
3.29 MPa at 20 °C using vapour equilibrium method and tested under drying path at
20 °C and 80 °C. The detailed experimental procedures are shown in Fig. 1.

Table 1. Relative humidity and suction imposed by saturated saline solution for vapour
equilibrium methods. (adopted from Greenspan [9], OIML [10], Tang [11]).

Salt solutions Relative
humidity (%)

Suction (MPa)

20 °C 80 °C 20 °C 80 °C

LiCl�H2O 11.31 10.51 290.05 361.17
CH3COOK 13.11 270.39
MgCl2�6H2O 33.07 26.05 147.26 215.65
K2CO3 43.16 35.42 111.82 166.39
NaBr 59.1 51.4 69.99 106.70
NaCl 75.47 76.29 37.45 43.39
KCl 85.1 78.9 21.47 37.99
K2SO4 97.2 95.5 3.78 7.38

Fig. 1. Wetting and drying paths under 20 °C and 80 °C.
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4 Results and Discussion

4.1 Water Retention Curves at 20 °C

Figure 2(a) shows the water retention curves of samples at three initial dry densities
(wetting and drying path). It is clear that the initial dry density had little influence on
the water content, which increases almost linearly with logarithm of suction. Much
more significant was the effect of suction on void ratio (Fig. 2(b)). As most water is in
the micro-pores at high suctions, these results suggest that micro-pores are only little
influenced by the compaction pressures as if their volume would be affected, also their
water retention capacity would change. Figure 2(c) shows the relationship between
degree of saturation and suction. It is affected by the dry density substantially, but not
due to the effect of water content, which is more or less the same at the three dry
densities for the given suction, but due to the effect of different void ratios.

4.2 Temperature Effects on WRC

The water retention curves at unconfined conditions, following a wetting-drying path,
are determined for two dry densities of 1.27 g/cm3 and 1.90 g/cm3 and temperature of
20 °C and 80 °C. The wetting path starts from the oven dried samples (suction nearly
1000 MPa [13]) successive to suction of 3.29 MPa, and then, a drying path continuing

Fig. 2. Water content (a), void ratio (b) and degree of saturation (c) versus suction for water
retention curve measurements under wetting and drying path at three different dry densities at
20 °C.

74 H. Sun et al.



to 286.7 MPa. The wetting and drying curves of compacted bentonite were obtained in
terms of equilibrium water content and suction in Fig. 3.

The water retention capacity for the same dry density is lower for the higher
temperature, especially for the lowest suction. It can be seen that the equilibrium water
content decreases as the temperature increases for both low and high dry density
samples. The water retention capacity decreases less with the increase of total suction.
The lower retention capacity at higher temperature is clear in the wetting after drying
path for both dry densities (Fig. 3). It is more obvious when the wetting and drying
paths are separated at each dry density as shown in Fig. 4. As for wetting test (Fig. 4a,
c), the temperature seems to have a minor influence on the water retention capacity
compared with drying path (Fig. 4b, d). In the low suction range, the water retention
capacity decreases more with increase of temperature. On the contrary, it decreases less
with increasing temperature in the high suction range.

The water retention curves of bentonite powders at 20 °C and 80 °C are shown in
Fig. 5. It is obvious that increase of temperature decreases the water retention capacity
like compacted samples. As mentioned before (Fig. 2), the equilibrium water content
versus suction is practically independent of initial dry density. So, the highest initial dry
density of 1.90 g/cm3 was chosen to compare with bentonite powders as shown in
Fig. 6. It can be seen that both compacted bentonite and bentonite powder follows the
same trend with only a little effect of density on water retention curves at 20 °C.
However, water retention properties of bentonite powder seem more sensitive to
increase of temperature, the water retention capacity decrease more when compared to
compacted bentonite at 80 °C.

It can be seen that the temperature not only affects the water retention capacity but
also influences the hysteretic behavior. The hysteretic loop was narrower with the
increase of temperature (Figs. 3, 5 and 6). It means that the hysteretic behavior will be
less obvious at higher temperature.

Figure 7 shows the change of void ratio during wetting under unconfined condi-
tions for low and high initial dry densities. For higher suction (100 MPa in this paper),
the volume changes are small and less depended on temperature (Fig. 7a). Upon
wetting, volume swelling is higher at 20 °C for both dry densities.

Fig. 3. Water retention curve of compacted bentonite with initial dry density of 1.27 g/cm3

(a) and 1.90 g/cm3 (b) under 20 °C and 80 °C.
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The variation of pore water properties can affect the water retention capacity of
compacted bentonite. While the temperature may have an influence on the water surface
tension, the liquid-gas interfacial tension, contact angle between water and soil, these
factors affect water retention capacity. For Czech bentonite B75, capillary forces
dominated the behavior of compacted bentonite in the low suction range (<20 MPa) [6].

Fig. 4. Wetting (a) and drying (b) paths of initial dry densities of 1.27 g/cm3 and wetting (c) and
drying (d) paths of 1.90 g/cm3 samples under 20 °C and 80 °C.

Fig. 5. Drying and wetting path for ben-
tonite powders under 20 °C and 80 °C.

Fig. 6. Comparison of thermal WRC
between compacted bentonite and powders.
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The decrease of surface tension caused by increasing temperatures resulted in low water
retention capacity. This phenomenon was observed in Figs. 3, 5 and 6. However, the
capillary model may be invalid in high suction range. The physical-chemical properties
of intra-aggregate water and the alteration of microstructure by temperature dominate
the water retention capacity. The increased temperature can drive the intra-aggregate
water into inter-aggregate pores, which would explain the lower water retention capacity
at higher temperature at a certain suction [14]. The results of Czech bentonite B75 are
consistent with this theory and shows that the temperature has a great influence on the
water retention capacity.

5 Conclusions

The water content vs. logarithm of suction relationships show nearly linear trend
independent of the initial dry density. The water retention capacity decreased with
increasing temperature for both compacted bentonite and bentonite powder. The water
retention capacity is lower at high temperature especially at lower suctions. The tem-
perature decreases more water retention capacity of bentonite powder than compacted
bentonite. The hysteretic behavior of compacted bentonite is less obvious (hysteretic
curve is narrower) with temperature increase for both compacted samples and powders.
Also, the volume swelling is higher at lower temperature. The temperature has a more
significant effect on drying path than wetting path for compacted Czech bentonite B75.
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Fig. 7. Suction versus void ratio at wetting path with 20 °C and 80 °C for initial dry density of
1.27 g/cm3 (a) and 1.90 g/cm3 (b).
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Abstract. This paper discusses the role of the degree of capillary saturation in
modelling the coupled hydro-mechanical behaviour of unsaturated soils and
proposes a new constitutive model for unsaturated soils by using the degree of
capillary saturation and the effective inter-particle stress. In the model, the shear
strength, yield stress and deformation behaviour of unsaturated soils are gov-
erned directly by the above two constitutive variables. The model is then vali-
dated against a variety of experimental data in the literature, and the results show
that a reasonable agreement can be obtained using this new constitutive model.

Keywords: Unsaturated soil � Degree of capillary saturation
Constitutive model

1 Introduction

The objective of this study is to establish a constitutive model for unsaturated soils by
acknowledging that (i) pore water consists of capillary water and adsorbed water, and
(ii) they contribute very differently to the constitutive behaviour of unsaturated soils.
Because the capillary water exists among soil particles and the pressure of capillary
water affects the contact stress among soil particles. Therefore, the stress carried by the
capillary water is classified as an inter-particle stress. Compared with the capillary
water, the contribution from the adsorbed water to the shear strength and deformation
of a soil is very limited [1–3]. In principle, this is because adsorbed water wraps the
surface of each soil particle. Thus, the stress carried by the adsorbed water is rea-
sonably treated as an intra-particle stress.

One of the most widely-used constitutive variables for unsaturated soil modelling is
the Bishop effective stress [4]. The formulation of r0ij can be written as follows

r0ij ¼ rij þ vsdij ¼ �rij � ua þ v ua � uwð Þdij ð1Þ

where rij is the net stress with rij ¼ �rij � ua, �rij is the total stress, ua is the pore air
pressure, v is the effective stress parameter, s is the suction (s ¼ ua � uw), uw is the
pore water pressure and dij is the Kronecker delta. In this study, the degree of capillary
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saturation (S0) is selected as the basic constitutive variable to highlight that only the
capillary water affects the strength and deformation of unsaturated soils. Specifically,
on one aspect, the degree of capillary saturation is used for the effective stress
parameter, i.e., v ¼ S0, and the effective stress when v ¼ S0 is referred to as the effective
inter-particle stress (r0ij) to emphasize that the intra-particle stress associated with the
adsorbed water pressure has been ruled out. On the other aspect, the slope of the NCLs
is also a function of the degree of capillary saturation, i.e., k ¼ kðS0Þ to underline that
the mechanical state of an unsaturated soil is related to the capillary water only. It is
important to note that, although the constitutive relationship is initially established in

the space of r0ij; S
0

n o
, it can be generalised in the space of primary variables rij; s; S

� �
that is in accordance with variables adopted for finite element methods [5–7].

2 Constitutive Equations

2.1 Hydraulic Equations

Sharing the theoretical concept delivered by Or and Tuller [8] and practical method by
Khlosi et al. [9], a simple equation of water retention curve was proposed to consider
capillarity and adsorption separately [1], which can be written as follows:

S ¼ S0 þ S00 ð2Þ

where S is the degree of saturation; S0 and S00 are the capillary component and
adsorptive component of the degree of saturation respectively. Following Khlosi et al.
[9], the two-parameter equation proposed by Kosugi [10] to quantify the capillary
component (i.e., capillary water retention curve, CWRC) was employed here:

S0 ¼ 1� S00ð ÞCðsÞ; andCðsÞ ¼ 1
2
erfc ð

ffiffiffi
2

p
fÞ�1 lnðs=smÞ

� �
ð3Þ

where erfc() the complementary error function, sm the suction that corresponds to the
median pore radius (rm), and f2 the variance of the log-transformed pore radius. sm
varies from smR corresponding to the main drying branch to smA corresponding to the
main wetting branch. Zhou [11] stated that the contact angle (h) for the main drying
branch and the main wetting branch are equal to the receding contact angle (hR) and
advancing contact angle (hA), respectively. Also, only on the main drying/wetting
branches, the contact angle (h) is independent of the change of the suction. For the
scanning processes, the contact angle is approaching to hR for drying and to hA for
wetting. Based on the concept introduced by Zhou [11], the term C(s) can be revised to
consider hysteretic behaviour due to the variation of contact angle caused by the
suction change as follows

CðsÞ ¼ 1
2
erfc ð

ffiffiffi
2

p
fÞ�1 ln s cos hRð Þ= smR cos hð Þ½ �

� �
ð4Þ
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where hR and hA are the receding and advancing contact angles respectively. For
simplicity, hR is usually assumed to be 0 and hA can be calibrated by the main wetting
branch. smR stands for the suction that corresponds to the median pore radius (rm) in the
main drying process, which can be calibrated by the main drying branch. The variation
of the contact angle due to suction has been provided by Zhou [11].

dh ¼ � bds
s tan h

and b ¼ cos h� cos hRð Þ= cos hA � cos hRð Þ½ �b ds� 0

cos hA � cos hð Þ= cos hA � cos hRð Þ½ �b ds\0

(
ð5Þ

where b is a parameter to adjust the rate of contact angle change due to suction change,
which can be calibrated by scanning wetting or drying tests.

In addition to the contact angle hysteresis, the mechanical loading changes soil’s
pore distribution and further affects its water retention behaviour [12–17]. The
mechanical compression due to net stress increase decreases the median pore radius
(rm) as well as the variance (f2) [18]. This phenomenon is termed as the mechanical
shift of the water retention curve. The following equation is proposed

rm ¼ rm0 1� evrð Þa and f2 ¼ f20 1� evrð Þa ð6Þ

where rm0 and f20 is the median pore radius and the variance at the reference state (i.e.,
evr ¼ 0), evr is the volumetric strain due to the mechanical loading, a is a parameter to
consider the mechanical effects on pore size distribution. Per the Young-Laplace
equation, for a given contact angle, suction is in inverse proportion to pore radius.
Therefore, term C(s) can be further upgraded to the following expression to consider
the mechanical shift.

CðsÞ ¼ 1
2
erfc

ffiffiffi
2

p
f0 1� evrð Þa=2

h i�1
ln s 1� evrð Það Þ= smR0 cos hð Þ½ �

� �
ð7Þ

where smR0 is the suction that corresponds to the median pore radius at the reference
state (evr ¼ 0) and the receding contact angle (h ¼ hR; f

2
0) the variance of the

log-transformed pore radius at the reference state (evr ¼ 0). Both can be easily cali-
brated by test results obtained from the drying branch of conventional water retention
experiments with a constant net stress. The volumetric strain due to hydraulic loading
(evs) has been considered when we calibrate smR0 and f20. This is the reason why only
the volumetric strain due to mechanical loading (evr) is involved in Eq. (7).

The adsorptive component S00 (i.e., adsorbed water retention curve, AWRC) can be
described by the following equation [1]:

S00 ¼ ð1� PccÞHa=Hs ð8Þ

where Hs is the volumetric water content at the fully saturated state, Ha is the maxi-
mum volumetric water content due to adsorption ignoring capillary condensation due to
the mutual influence of adjacent adsorptive water films, and Pcc stands for the possi-
bility of capillary condensation (0�Pcc � 1). The simplest equation meets the
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requirement of Pcc can be written as: Pcc ¼ S0. Specifically, Ha can be described by the
equation proposed by Campbell and Shiozawa [19], i.e.,

Ha ¼ HsAðsÞ; andAðsÞ ¼ a 1� ln s= ln sdð Þ ð9Þ

where a is the parameter that is related to the maximum degree of saturation due to
adsorption (without considering capillary condensation) when the suction is equal to
1 kPa. sd is the suction at oven dryness. Experimental results have shown that oven
dryness generally corresponds to a finite suction of 106 kPa. Therefore, the adsorbed
water retention curve can be specified as

S00 ¼ AðsÞð1� S0Þ ð10Þ

Combining Eqs. (2), (3) and (10) yields the following closed-form equations for
WRC, CWRC and AWRC:

WRC: S ¼ S0 þ S00 ¼ CðsÞþAðsÞ�2CðsÞAðsÞ
1�CðsÞAðsÞ

CWRC: S0 ¼ CðsÞ�CðsÞAðsÞ
1�CðsÞAðsÞ ; and AWRC: S00 ¼ AðsÞ�CðsÞAðsÞ

1�CðsÞAðsÞ

(
ð11Þ

2.2 Mechanical Equations

Realising the inter-particle water (or water bridges or menisci) is composed of the
capillary water only while the adsorptive water forms the water film wrapping particles,
the effective inter-particle stress equation for the shear strength of unsaturated soil was
suggested by Zhou et al. [1], highlighting only the capillary water contributes to the
shear strength under a given suction.

r0ij ¼ rij þ S0sdij ð12Þ

where r0ij is the effective inter-particle stress, and S0 can be determined by Eq. (11). In
the space of deviator stress (q) and mean effective inter-particle stress (p0), the shear
strength of unsaturated soil can be written as [20, 21]

q ¼ Mp0: ð13Þ

The experimental validation for Eqs. (12) and (13) on predicting unsaturated soil
strength can be found in [1].

Realising that the degree of capillary saturation contributes much more to unsat-
urated soil’s mechanical behaviour than the degree of adsorptive saturation, the NCLs
of unsaturated soils are proposed as below, by adopting the degree of capillary satu-
ration (S0) other than the degree of saturation (S) as the key variable.

v ¼ N � k ln p0; ð14Þ
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where p0 is the mean effective inter-particle stress defined in Eq. (12), v the specific
volume, N the intercept of the NCL with the v-axis when lnp0 ¼ 0, and k the elasto-
plastic compression index representing the slope of the NCL, which is assumed as a
function of the degree of capillary saturation, i.e. k ¼ k S0ð Þ.

k ¼ k0 � ðk0 � kdÞð1� S0Þk; ð15Þ

where k0 is the elastoplastic compression index for the fully saturated soil, kd is the
elastoplastic compression index for when the soil contains zero capillary water (i.e.
oven dryness), and k is a coupling parameter which can be determined by a drying test.
For the elastic response, the following equation is employed.

dv ¼ �jdp0=p0; ð16Þ

where j is the elastic compression index representing the slope of the unloading and
reloading line (URL). For j, an equation like k is employed.

j ¼ j0 � ðj0 � jdÞð1� S0Þk; ð17Þ

where j0 is the elastoplastic compression index for the fully saturated soil, and jd is the
elastoplastic compression index for when the soil contains zero capillary water (i.e.,
oven dried). For the clayey soil, the capillary water can only be fully removed by very
high suction and the compressibility of the clayey soil at a very high suction is far less
than its compressibility at the fully saturated state. Therefore, for simplicity, in this
paper, we assume kd = jd = 0 to simplify Eqs. (15) and (17) as

j ¼ j0 � j0ð1� S0Þk; and k ¼ k0 � k0ð1� S0Þk: ð18Þ

The yield surface (or the loading collapse surface) function in the isotropic stress
states

fLC ¼ p0ð Þ1�ð1�S0Þk�p0c ¼ 0: ð19Þ

The Modified Cam-clay model is employed here to extend the isotropic yield
surface to a triaxial stress state [22–24]

f ¼ p0 þ q2

M2p0
� p0c
	 
d¼ 0; where d ¼ 1

1� ð1� S0Þk : ð20Þ

3 Validations

Li et al. [25] presented a series of suction controlled triaxial tests on the compacted
Zaoyang clay. The model parameters for predictions are listed in Table 1.
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Figures 1 and 2 present a series of unsaturated triaxial compression tests on the
compacted Zaoyang clay. The suction is set to be 100 kPa and 200 kPa in Figs. 1 and
2, respectively. For each figure (i.e., for each suction level), the stress-strain relation-
ship (q vs e1), volume change (v vs e1) and the change of the degree of saturation (S vs
e1) in constant-suction triaxial compression are presented in subfigure a, b and c,
respectively. In addition, for each figure (i.e., for each suction level), three different

Table 1. Model parameters for the compacted unsaturated Zaoyang clay

Mechanical
parameters (4)

Hydraulic parameters (6)

k0 j0 M k smR0 f0 a hA a b

0.11 0.02 0.95 5.0 400 kPa 3.0 0.45 70oa 13 0.5a

aNote: hA (for wetting) and b (for scanning) are not
necessary because only constant suction tests are involved in
this section.
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Fig. 1. Stress-strain relationship, volume change and saturation change for the unsaturated
Zaoyang clay (s = 100 kPa) in triaxial compressions and model simulations.
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confining stresses (net stresses = 50, 200 and 350 kPa) are involved in the constant
suction triaxial compressions. The different symbols are used to present the observed
test results and solid curves are employed to stand for model predictions. As shown in
Figs. 1 and 2, the model predictions quantitatively capture the test data reasonably well
for the compacted samples with various suctions (100 and 200 kPa) and various
confining stresses (50, 200 and 350 kPa).

4 Conclusions

A new constitutive model for unsaturated soils using the degree of capillary saturation
and effective inter-particle stress is proposed in this paper, where the shear strength,
yield stress and deformation behaviour of unsaturated soils are governed by two
constitutive variables. The proposed constitutive model can capture the observed
mechanical and hydraulic behaviours with a limited number of parameters. The
capacity of the model has been validated against a variety of experimental data in the
literature.
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Abstract. The soil water retention curve has been widely used to characterize
the relationship between the water content and the soil water potential. The
conventional pressure plate method for the soil water retention curve determi-
nation is very time consuming. Also, soil volume change during testing is not
available. Recently, a new triaxial testing system has been developed for
unsaturated soil characterization. In this study, this new system was utilized to
determine the soil water retention surface through a series of constant water
content consolidation tests on unsaturated soils with different moisture contents.
Results from these tests indicate that the new triaxial system is a time-efficent
option for soil water retention surface determination.

Keywords: Soil water retention surface � Triaxial test
High-suction tensiometer

1 Introduction

The soil water retention curve is the relationship between the water content and the soil
water potential. In the past, the soil water retention curve was commonly used to
estimate in situ soil suctions by measuring the unsaturated soil water content. Several
models (Williams et al. 1983; Hutson and Cass 1987; Rossi and Nimmo 1994;
Assouline et al. 1998) were proposed to predict the soil water retention curves for
unsaturated soils based upon their physical properties. A review of the existing soil
water retention curve models was presented by Sillers and Fredlund (2001). In the past,
based on principle of axis-translation technique, the pressure plate equipment has been
commonly used for the soil water retention curve determination (i.e. ASTM C1699
2009; Richards 1941; and Péron et al. 2007). However, for the pressure plate test, due
to the low permeability of unsaturated soils, several weeks are required for the soil
water retention curve determination of one soil. Also, during testing, soil volume
change, which is required for calculation of soil void ratio or degree of saturation,
cannot be measured. Many research efforts (Lourenço et al. 2011; Padilla et al. 2005)
have been dedicated to rapid and accurate determination of soil water retention curve.
In Padilla et al. (2005), the Fredlund SWCC device was adopted soil water retention
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curve determination. Vertical load was applied to the tested sample which guaranteed
the contact between the sample and oedometer wall. As a result, volume change due to
suction change could be determined simply by monitoring the axial displacement of the
top plate. In Lourenço et al. (2011), a high-suction tensiometer was used to measure
soil suction during drying process from which the soil water retention curve was
extracted. However, the soil volume content cannot be measured during testing.

In Li and Zhang (2015), a new triaxial testing system was developed based on
modifications on a conventional triaxial test apparatus which is for saturated soils. In
the new triaxial testing system, high-suction tensiometers were equipped to measure
soil suction during triaxial testing which is different from the suction-controlled triaxial
test in which the axis-translation technique is adopted to control soil suction (Bishop
and Donald 1961). To install the tensiometers, two holes are drilled in the base of the
triaxial cell as shown in Fig. 1a. In this study, the high-suction tensiometers developed
in Li and Zhang (2014) were used for soil suction measurement. The tensiometers were
saturated and saturated in the triaxial chamber as shown in Fig. 1b. In this triaxial
testing system, the photogrammetry-based method developed in Zhang et al. (2015) is
adopted for soil volume change measurement during testing. A series of constant water
content tests were performed on unsaturated soils with different moisture contents.
A soil water retention surface, proposed by Salager et al. (2010), was then extracted to
characterize soil water retention behavior with consideration of the effect of both
suction and soil deformation.

(a) Modification on cell pedestal; (b) High-suction tensiometer saturation

High-suction tensiometers

Fig. 1. Modification for soil suction measurement
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2 Constant Water Content Test on Unsaturated Soils

2.1 Sample Preparation

Locally available Fairbanks silt was used to fabricate several unsaturated soil speci-
mens (71 mm in diameter and 142 mm in height) using the static compaction method
(Ladd 1978) as shown in Fig. 2a. The properties of the used soil are summarized in
Table 1. The soil cylinders were compacted in 10 layers. The surface of each soil layer
was scarified to ensure good contact between adjacent soil layers as shown in Fig. 2b.
Before testing, the soil specimen was completely sealed in the plastic cup for two days
to reach matric suction equilibrium as shown in Fig. 2c. After suction equilibrium, the
constant water content consolidation tests were conducted.

2.2 Undrained Consolidation Tests

After saturation and calibration, tensiometers can then be used for matric suction
measurement. Before sample installation, two holes were cut on the membrane, which
would be used to cover the soil specimen during testing. The specimen was mounted on

(a) (b) (c)

Fig. 2. Specimen preparation using the static compaction method

Table 1. Soil properties of the used soil mixture

Soil properties Value

Maximum dry density 1.836 g/cm3

Optimum moisture content 15%
Specific gravity 2.7
Plastic limit 18.2
Liquid limit 19.7
Plastic index 1.5
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the pedestal of the triaxial cell and carefully sealed with O-rings. A small suction
(−5 kPa) was applied to the inside of the soil specimen after this. Vacuum grease was
smeared on the back of the grommet, which was used to hold the tensiometer. By
carefully stretching the membrane, the tensiometer can be placed on the sample surface
through two holes on membrane. Two saturated tensiometers were placed at the middle
of the specimen (see Fig. 3). The use of vacuum grease ensured a good seal between
the grommet and the membrane, and a negative pressure was applied to the inside of
the soil specimen held the sensor in place during tensiometer installation. Some
measurement targets were posted on the membrane surface after this with the help of
vacuum grease. A series of images around the specimen were then captured to deter-
mine the volume of the soil specimen before any load was applied. The triaxial cell was
installed and filled up with water after this as shown in Fig. 3.

A confining pressure of 50 kPa was then applied to hold the tensiometer in place,
and the applied suction inside of the soil specimen was released simultaneously. The
reading of the tensiometers required a certain time to reach equilibrium. After the
equilibrium, isotropic load was applied in steps to a maximum net confining load of
600 kPa for the water retention surface determination. Usually, approximately 20 min,
dependent on soil suction, were required to ensure the stabilization of the high-suction
tensiometer readings. Once suction stabilized, the volume of the soil specimen was

Fig. 3. System setup for the constant water content consolidation test
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measured by using the photogrammetry-based method. Then, isotropic compression
test was performed. Confining pressure was gently increased (i.e. loading) or decreased
(i.e. unloading) to a target value and followed by another suction stabilization period.
The time required for new suction equilibrium also depends on soil suction level. After
suction equilibrium, the volume of the soil specimen was measured again.

2.3 Experimental Results

During isotropic compression test, matric suctions of the test specimen under different
net confining stresses was monitored via high-suction tensiometers. A typical matric
suction variation for the soil specimen with water content of 11.84% due to isotropic
load was presented in Fig. 4. During isotropic loading, there was an immediate drop of
suction associated with the increase of isotropic load, followed by a small increase in
suction with time and finally reached equilibrium. The entire isotropic loading process
lasted for approximately 5 h.

The representative soil suctions recorded by the tensiometers after each equaliza-
tion stage were plotted in Fig. 5a. Generally, soil suction decreased with increasing
isotropic load. Also, soils with low water contents had higher initial suction and
experienced the larger reduction in suctions after the same loading procedure. When
there is an unloading at the mean net stress of 300 kPa, there were irrecoverable suction
changes due to the soil plasticity. The soil volume change was measured based on the
measurement targets on soil surface. Details on the soil volume measurement method
using the photogrammetry-based method can be found in Zhang et al. (2015) and Li
et al. (2015). During isotropic loading, with increasing confining load, the soil volume,
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continuously decreased as shown in Fig. 5b. The soil specimens with the highest water
content experienced the highest volumetric reduction when subjected to the same
loading procedure. This was because the moisture lubricated the soil particles and led
to smaller modulus during the isotropic loading. The plastic soil deformation was also
identified when there was an unloading as shown in Fig. 5b.

(a) Soil suction variation during isotropic loading

(b) Soil volume change during isotropic loading
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With the soil volume, suction, and water content, the soil water retention curves for
six soil specimens were extracted and plotted in Fig. 6 in which the unloading and
reloading was not included. With six soil water retention curves, a soil water retention
surface could then be created as shown in Fig. 6 in which the significant influence of
soil specific volume on the soil water retention capability was clearly shown. With this
surface, the soil suction can be predicted with given specific volume and water content.

3 Conclusions

In this study, to determine the water retention surface of an unsaturated soil, a new
triaxial testing system was adopted for the constant water content triaxial tests. During
triaxial testing, soil suction and volume changes were measured using high-suction
tensiometers and the photogrammetry-based method, respectively. Through a series of
isotropic consolidation tests on the unsaturated soil, the soil water retention surface was
determined. Compared with the conventional pressure plate method, the soil volume
changes during testing could be recorded which makes the soil water retention curve
more accurate and representative.
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Abstract. The amount and scale of engineering construction in Xinjiang
develop greatly in recent years. A channel slope in north Xinjiang is an infilled
project, which is compacted using local loess material. Being different from the
structural feature of natural loess, the infilled material needs to be sufficiently
compacted. Study on the stress state, deforming feature and failing pattern of the
material is important to reveal the slope stability issues. In this study, saturated
and unsaturated triaxial shear tests were performed to study the stress-strain
relationship and the mobilized shear strength, and to further investigate the
dilatancy of the material. Saturated loess and unsaturated loess at three different
suction levels were analyzed respectively. The research results are as below:
Firstly, the mobilized shear strengths at peak state and at residual state increase
with confining stress and suction level. Secondly, the soil dilatancy is affected
by matric suction and stress level. The mobilized angle of dilation at peak state
increases significantly with matric suction, but decrease with confining stress.

Keywords: Reconstituted loess � Matric suction � Dilatancy

1 Introduction

China’s BELT & ROAD initiative is a significant measure for regional coordinated
development. The BELT, i.e. the Silk Road Economic Belt, goes through loess regions
including Xinjiang Province. The amount and scale of engineering construction in
Xinjiang develop greatly in recent years. A channel slope in north Xinjiang is an
infilled project, which is compacted using local loess material. Being different from the
structural feature of natural loess, the infilled material needs to be sufficiently
compacted.

Soil dilatancy is affected by degree of compaction, stress level and matric suction
etc. in the macro scale. Above factors appear as particle arrangement and inter-particle
pressure etc. in the micro scale. Under different degrees of saturation, the contribution
of matric suction on inter-particle pressure is different, demonstrating dilative or
contractive behavior. Previous studies (Alonso et al. 1990; Bruchon et al. 2013;
Wheeler and Sivakumar 1995; Ng and Chiu 2003) have shown that the shear strength
of unsaturated soil nonlinearly varies with the matric suction. For unsaturated sand,
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Donald (1956) introduced that the shear strength increased to a peak value and then
reduced with the increase of matric suction, i.e. Donald Effect. Dai et al. (2014)
reported that particle material demonstrated lower dilatancy at a certain wetting state
than at saturated and dry states. Being different with the structural feature of undis-
turbed loess, reconstituted loess needs to be sufficiently compacted in engineering
construction. Whereas, the evolution of soil dilatancy with matric suction is still not
clear. On the one hand, the plastic flow rule for unsaturated soil is related to its
dilatancy, which is currently based on theoretical deduction from saturated soil. On the
other hand, the mobilized unsaturated strength is affected by water, which can provide
theoretical direction for engineering design.

For natural soils, mineral composition, structural feature and particle size distri-
bution can inevitably bring complicated influence on soil dilatancy. In above several
aspects, reconstituted loess is a typical unsaturated soil without special features. This
article studies the stress-dilatancy of unsaturated soil at different stages of SWCC.

2 Introduction

2.1 Test Material

Table 1 summarizes the basic physical properties of the studied loess, which were
determined in accordance with BS1377 (British Standard Institution 1990). Figure 1
shows the particle size distribution of the loess, which mainly consisted of silt-sized
particles.

Table 1. Physical properties of the loess

Optimum water
content/%

Max. dry density
103 kg/m3

Specific
gravity

Liquid
limit %

Plastic
limit %

Coefficient of
permeability/cm/s

13 1.820 2.71 23 13.3 6 � 10−5
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Fig. 1. The particle size distribution curve of the loess
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According to Inspection and assessment specification for constructional quality of
hydraulic and hydroelectric engineering, the quality control of the channel construction
should be strictly inspected based on the design degree of compaction. In this project,
the degree of compaction should not be smaller than the design value, i.e. Rc = 0.95.
To examine soil behavior at a normal compacted state, a typical degree of compaction
is considered in laboratory tests, i.e. Rc = 0.96.

HITACHI SU8010 Field Emission Scanning Electron Microscopy was adopted to
examine the micro structure of the soil at Rc = 0.96, the image of which is shown at the
scale of 500 in Fig. 2. The soil skeleton demonstrates a relative low clarity, whose
surface was adhered by pieces of debris. The intergranual pores are filled up by
minerals, indicating lower porosity at micro scale.

2.2 Test Program

A Fredlund SWCC apparatus was employed to investigate the soil-water characteristics
of the reconstituted loess at the designed degree of compaction, i.e. Rc = 0.96
(Table 2). Using a GDS triaxial testing apparatus, two consolidated drained triaxial
tests were performed on saturated specimens, which represent a special matric suction
level of 0 kPa. A GDS double-cell triaxial testing apparatus for unsaturated soil is
adopted to perform unsaturated triaxial tests at constant suctions of 30 kPa and
120 kPa, with accurate measurement of volumetric strain for dilatancy analysis.

debris

pore

Fig. 2. SEM image for the soil sample at Rc = 0.96

Table 2. Testing results of the loess

Test no. SWCC96 T96-1 T96-2 T96-3 T96-1 T96-2 T96-3

Net mean stress (r3 − ua)/kPa / 40 40 40 80 80 80
Matric suction s/kPa 0–1200 0 30 120 0 30 120
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3 Tests Results

3.1 SWCC Curve

After initial saturation, the specimen was subjected to drying by increasing the matric
suction, which is achieved by increasing the air pressure while maintaining a small
axial load. The back pressure was increased by 5–400 kPa in each step, which was
maintained for the equalization of matric suction for 2 to 7 days because of the low
coefficient of permeability of the unsaturated soil and HAECD. Using the measured
final water content, The soil water characteristic curve of loess can be deduced from the
drying path (Fig. 2). An air-entry value of 8 kPa and a residual volumetric water
content is roughly 11% are expected for the studied loess at the controlled degree of
compaction (Fig. 3).

3.2 Stress and Deformation at Different Suctions

Figure 4 summarizes the results of the constant suction tests at the confining stress of
40 kPa. Three levels of matric suction were investigated, i.e. 0 kPa, 30 kPa and
120 kPa. When subjected to drained compression, the reconstituted specimens required
about 2–3% axial strain to attain the peak strength (Fig. 4(a)). The deviator stress then
showed a remarkable reduction with further compression. The mobilized strengths both
at peak state and at residual state increased with suction level. For example, the
mobilized peak strength for the specimen at a suction of 0 kPa was 118 kPa, and
enhanced to 338 at 120 kPa suction.

In Fig. 4(b), the volumetric strain rose slightly when the axial strain is below 1%
for the specimen at a suction of 0 kPa. It then decreased continuously, suggesting a
dilative deformation in the compressive shearing process (Fig. 4(b)). The specimens at
suctions of 30 kPa and 120 kPa demonstrated dilative behavior from the very begin-
ning of shearing. The soil dilatancy remarkably increased with the suction level.
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Fig. 3. The soil-water characteristic curve of the loess
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The final volumetric strain did not reach constant value in the three tests, suggesting
that the dilative behavior persists over the test processes.

Figure 5 summarizes the results of the constant suction tests at the confining stress
of 80 kPa, which demonstrate essentially similar stress and deformation trends with the
test results at the confining stress of 40 kPa. The deviator stress for the specimen at a
suction of 0 kPa rose to a peak at an axial strain of approximately 2%, and then
exhibited a slight strength reduction with limited strain-softening behavior. In Figs. 4
and 5, it can be seen that the mobilized strength increases together with the confining
stress, whereas the dilatancy demonstrates an opposite trend.

4 Discussion

4.1 Mobilized Peak Strength

The peak states obtained at three different suction levels are shown in Fig. 6, together
with a strength envelope for the same soil at saturated state in a companion article
(Zhou et al. 2017). Based on limited test results, the intercepts of strength lines show
values of 0 kPa, 56 kPa and 92 kPa for the soil at suction levels of 0 kPa, 30 kPa and
120 kPa, implying cohesions of 0 kPa, 28 kPa, 47 kPa respectively. The mobilized
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internal friction angles at peak state are 33°, 36°, 39° at suction levels of 0 kPa, 30 kPa
and 120 kPa, respectively.

4.2 Mobilized Peak Strength

The angle of dilation w depicts the relationship between volumetric strain and devia-
toric strain at plastic state. It essentially reflects the flow rules in constitutive modeling.
The angle of dilation is initially defined in slip surface analysis of slope under plane
strain condition. It can be expressed as a general three-dimensional form below:

sin wð Þ ¼ �3dev
�

6deq � dev
� � ð1Þ

The mobilized angle of dilation at peak state is summarized in Fig. 7. Under the
suction level of 0–120 kPa, the value varies from 13° to 22° at a confining stress of
40 kPa, and from 4° to 16° at a confining stress of 80 kPa. Figure 7 shows that the
angle of dilation increases significantly with the matric suction, but decrease with the
confining stress.

Fig. 6. The mobilized peak strength at different suction levels
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5 Conclusions

In this study, two sets of constant suction tests were performed to examine the
stress-dilatancy of Xinjiang loess. The following preliminary conclusions were drawn
from the test results.

(1) Both at peak state and at residual state, the mobilized shear strength increases with
the confining stress and the suction level.

(2) The soil dilatancy is affected by the matric suction and the stress level. The
mobilized angle of dilation at peak state increases significantly with the matric
suction, but decreases with the confining stress.
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Abstract. To satisfy the increasing power demands, lots of transmission lines
are constructed in the middle-west of China. Expansive soil widely distributes in
these areas, and the safety of foundation for transmission line tower needs to be
evaluated. Based on consolidated drained triaxial tests, the cohesion and internal
friction angle of unsaturated expansive soil were obtained. The compressive and
uplift bearing capacities of the plate foundation for transmission line tower
foundation were analyzed by 3D finite element modeling. The failure mode of
the plate foundation under compressive load shows a local shear mode. For the
uplift bearing capacity, the failure mode shows an annular apophysis mode
around the plate foundation at the surface. The influence of the saturation of soil
on the bearing capacity is more obvious than the uplift bearing capacity of a
plate foundation.

Keywords: Expansive soil � Shear strength � Transmission line tower
Bearing capacity � Numerical simulation

1 Introduction

With the rapid development of economy, more and more transmission lines are being
constructed in the middle-west of China, i.e. Henan province, where natural resources
and electric power are lacking. It is urgent to construct transmission lines in these areas
to satisfy the power demands of people’s living and industrial production. The
expansive soil distributed area usually affects the safety of the foundation for trans-
mission lines. It is important to study the mechanical behavior of expansive soil and its
influence on the bearing capacity of foundation.

Mechanical behaviors of unsaturated soil are usually described by the two inde-
pendent stress state variables [1–5], especially the theory based on the two stress state
variables (r − ua) and (ua − uw) [6, 7]. The shear strength of expansive soil has been
widely studied in the past decades. Based on wetting-drying cycle tests of Nanyang
unsaturated expansive soil, Miao et al. [8] investigated the soil-water characteristic
curve and shear strength. A hyperbolic equation of suction stress and suction strength
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was presented to describe the influence of suction. Sheng et al. [9] compared three
kinds of shear strength equations to experimental data, and the empirical and phe-
nomenological equations were shown be applicable to all kinds of unsaturated soil.
Based on the in-suit plate loading tests on unsaturated expansive soil, Xu [10] analyzed
the bearing capacity characteristic of unsaturated expansive soil. The prediction agrees
well with the measured results of in-situ test of Ningxia and Handan expansive soils.
Pacheco et al. [11] discussed the distinctions between shallow and deep failure modes
of transmission tower in tension load, and proper modification was applied to the
Grenoble models to apply it to inhomogeneity soil caused by compacted backfill.

This paper studied the compressive and uplift bearing of power transmission tower
on expansive soil. The Mohr-Coulomb criterion was adopted to describe the shear
strength of unsaturated expansive soil. Based on consolidated triaxial tests, the cohe-
sion and friction angle of unsaturated expansive soil with varying saturation degree was
characterized. The compressive and uplift bearing behaviors of a plate foundation on
expansive soil of different saturation degree were analyzed by 3D FEM, and the
influence of saturation degree on bearing capacity was discussed.

2 Shear Strength of the Expansive Soil

2.1 Strength Criteria

Due to the complexity strength criteria by Bishop and Fredlund for unsaturated soil, the
conventional Mohr-Coulomb was adopted to describe the undrained shear strength of
expansive soil. The shear strength of unsaturated expansive soil strength consists of 4
components in total stress for the complicacy; those parts related to c0, u0, suction force,
and expansion force. The strength caused by the expansion force and the suction can be
included in the cohesion

ctotal ¼ c0 þ ss þ sps ð1Þ

where ss is the strength induced by suction, and sps is the strength of expansion.
The friction angle can similarly be converted to an equivalent friction angle; the

unsaturated expansive soil strength criterion can be simplified to

sf ¼ ctotal þ r � tanutotal ð2Þ

The above formulas can be taken as an equivalent Mohr-Coulomb criterion, and
strength parameters could be obtained by triaxial tests.

2.2 Triaxial Tests on Expansive Soil

The expansive soil samples were taken from Nanyang, Henan Provence. The soil was
crushed firstly, and then sieved through 2 mm sieve. The samples were prepared
according to the designed initial water content. The conventional GDS stress path
triaxial apparatus was carried out to obtain the influence of initial water content on
shear strength. The testing sample is outlined in Table 1. The prepared sample is shown
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in Fig. 1. The drainage valve at sample top was turned on and the one at bottom was
turned off to exhaust the air in sample but keep the water.

According to the test results with different initial water contents, the stress-strain
curve turns out to exhibit significant softening at a lower initial water content
(w = 7.65%). As is shown in Fig. 2, the deviatoric stress reduces dramatically after it

Table 1. Triaxial tests on expansive soil

Initial water content (%) Initial saturation (%) Confining pressure (kPa)

7.65 25 50, 100, 200
13.78 45
19.90 65
26.03 85

(a) Soil sample      (b) Test sample (c) Triaxial test

Fig. 1. Preparation of the testing sample
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Fig. 2. Triaxial test results under different initial water content
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approaches the peak, and this behavior is more obvious under a lower confining
pressure condition. As the water content increases, the stress-strain curve exhibits a
significant hardening behavior, except for at a lower confining pressure, i.e. 50 kPa.

According to the Mohr circles and strength envelopes, the shear strength of the tested
sample with different initial water content is shown in Fig. 3, and the obtained cohesion
and friction angle are shown in Fig. 4 and Table 2. With the increase in the initial water
content, the cohesion increases slightly and then decreases, and the friction angle
decreases following a s-type curve. The reason why cohesion varies is liquid bridge.
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Fig. 3. Mohr circles and strength envelopes with different initial water content
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Fig. 4. Strength parameters of expansive soil in different initial saturation

Table 2. Strength parameters of expansive soil of different initial water content

Water content w (%) Saturation Sr (%) Cohesion c (kPa) Friction angle u (°)

7.65 25 143.27 32.46
13.78 45 155.76 31.60
19.90 65 139.44 17.04
26.03 85 86.83 10.26
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The liquid bridge is zero when the soil is dry and fully saturated, and it increases initially
and then decreases with water content.

3 Numerical Modeling of the Bearing Capacity

3.1 Numerical Simulation Procedure

The loading behavior of the transmission tower foundation was simulated by finite
element simulation. The compressive and uplift bearing capacities of a plate foundation
were studied, and the adopted meshes are shown in Fig. 5. The C3D8R element was
chosen for the soil and foundation. The initial saturation degree of soil was assumed
uniformly distributed. The friction coefficient between the soil and foundation was
0.32. The strength criterion and parameters with different water content and different
saturation are obtained as shown in Table 2. Besides, the unit weight of expansive soil
is c = 18.5 kN/m3, elastic modulus E = 60 MPa, Poisson’s ratio m = 0.26, and the unit
weight c = 23.0 kN/m3, elastic modulus E = 200 GPa, Poisson’s ratio m = 0.33 of the
foundation.

3.2 Bearing Capacity

The bearing capacity of a tower foundation on expansive soil can be obtained by
applying a vertical load on the top of the foundation. The load-displacement curve of
the tower foundation can be obtained according to the results. The obtained stress,
displacement and plastic strain distributions are shown in Fig. 6. According to the
results, the soil around the plate foundation rises to be an annular apophysis; the soil
beneath the foundation goes down with the downward movement of foundation as
shown in Fig. 6-(b). The Mises stress and equivalent plastic strain zone of the plate
foundation is arc-shaped beneath the foundation. It can be concluded that the failure
mode of the foundation tends to be a local shear failure mode.

(a) Foundation model                            (b) Soil model 

Fig. 5. Plate foundation model and the mesh
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3.3 Uplift Bearing Capacity

Since the transmission tower inevitably suffers lateral loads caused by line weight and
wind, an uplift force would be applied on the tower foundation. The uplift bearing
capacity of the tower foundation plays an important role in the safety of a transmission
tower. A vertical uplift load was applied on the top of the foundation to simulate the
vertical uplift force. As a result, the limit uplift bearing capacity of the tower foundation
buried in the expansive soil can be obtained. The results of the simulations of the
foundation are shown in Fig. 7. The region of stress distribution of plate foundation
concentrates around the foundation and tends to be a vertical annular apophasis. There
is an annular apophysis around the plate foundation, even though it is not comparable
to that in compressive condition. The equivalent plastic strain zone of the foundation
concentrates around the foundation and is not connected.

3.4 Variation with the Degree of Saturation

With the increase in displacement, the force on the foundation increases linearly at first,
and then it increases slowly or even decreases, as is shown in Fig. 8. There exists an
obvious inflection point on the load-displacement curve of the plate foundation. The

(a) Stress contour of soil

(b) Displacement vector of soil

(c) Equivalent plastic strain contour of soil

Fig. 6. Compressive bearing capacity of the
foundation (Sr = 85%)

(a) Stress contour of soil

(b) Displacement vector of soil

(c) Equivalent plastic strain contour of soil

Fig. 7. Uplift bearing capacity of the founda-
tion (Sr = 85%)
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ultimate bearing capacities of the foundation with different saturation are shown in
Table 3, and the relationship curves are shown in Fig. 8. The uplift and compressive
bearing capacity of the foundation increases slightly when the saturation increases from
25% to 45%, and then it decreases dramatically with saturation. Besides, the limit
bearing capacity of plate foundation reduces significantly with the saturation. As is
shown in Table 3, the limit bearing capacity of plate foundation decreases nearly
90.28% when the saturation increases from 25% to 85%, and the limit uplift bearing
capacity decreases to be 60%–70% of the initial value.

-0.5

-0.4

-0.3

-0.2

-0.1

0.0
0 2 4 6 8 10 12 14

Sr=25%Sr=65%

Sr=85% Sr=45%

Load /MPa

S/
B

Sr=65%

Sr=85% Sr=45%

Sr=25%

(a) compressive                                   (b) uplift

0 200 400 600 800 1000
0.00

0.01

0.02

0.03

0.04

S/
B

Load /kPa

Fig. 8. Load-displacement curves

Table 3. Ultimate bearing capacity of footings

Saturation (%) 25 45 65 85

Ultimate bearing capacity (MPa) 12.86 13.26 3.77 1.25
Ultimate uplift bearing capacity (kPa) 698.12 755.65 581.51 498.96
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Fig. 9. Relationship between ultimate bearing capacity and the saturation of footing foundation
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It can be found from Fig. 9 that the limit compressive bearing capacity decreases
dramatically with saturation, and the influence of saturation degree of soil on the
compressive bearing capacity is obvious than uplift bearing capacity.

4 Conclusion

The mechanical behavior of unsaturated expansive soil was studied by triaxial tests,
and the equivalent strength parameters of Mohr-Coulomb criterion were obtained.
Based on the obtained parameters, the compressive and uplift bearing capacities of the
plate foundation of tower foundation were simulated. With the increase in the initial
water content of expansive soil, the cohesion increases slightly and then decreases
significantly, and the friction angle decreases with the increase in the initial water
content by following a S-type curve. The friction angle decreases at a slow rate when
the water content is low or high, while it changes significantly in the medium interval
of water content. Results show that the equivalent plastic strain zone in compressive
bearing capacity condition is arc-shaped, and the failure mode of the plate foundation is
local shear mode. For the uplift bearing capacity, the region of stress distribution
concentrates around the foundation, and the displacement of the soil around the
foundation concentrates on the top of the foundation. There is an annular apophysis
developed around the plate foundation on the surface. The difference between the
compressive and uplift bearing capacities is significant when the saturation is low, and
the difference is small when the degree of saturation becomes high.
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Abstract. Climate affects the extent of soil moisture variation likely to occur
through time and hence the amount of foundation movement likely to occur at a
reactive soil site. The Thornthwaite Moisture Index (TMI) as a useful climate
parameter has been widely employed in Australia to estimate the depth of design
soil suction change (Hs) which is needed for the determination of characteristic
ground movement (ys). Precipitation and temperature are the primary weather
parameters required for the TMI computation. By applying the projected rainfall
reduction and temperature increase in 2030, 2050 and 2070 in the TMI calcu-
lation, the effects of climate changes on expansive soil movements and site
classification can be quantified by the use of the predicted TMI. In this study,
TMI values of various areas of the State of Victoria were calculated by using
climate projections generated from 23 climate models. These predicted TMI
indices were then used to delineate TMI isopleth lines on the map of the State of
Victoria to visualize and compare climate conditions in 2030, 2050 and 2070.
These maps show an overall significant growth of drying for the State of Vic-
toria, where the most noticeable increase of aridity is expected to occur in 2070.
The general decrease in TMI value across various areas of Victoria indicates a
prominent reduction in average soil moisture availability. This implies that
residential slabs are likely to experience greater ground movements due to the
greater depth of Hs, which in turn may result in a higher incidence of slab edge
heave and an increase in the occurrence of distortion of residential buildings
built on expansive soils.

Keywords: Thornthwaite moisture index � Expansive soil � Climate change

1 Introduction

There is now broad agreement that the earth’s climate is changing as a result of human
activities, particularly emission of greenhouse gases (GHGs), are very likely to be the
dominant cause. A common tool used for projecting climate change is a climate model
which is a mathematical representation of the Earth’s climate system. Current climate
models predict that the steady increase of global average annual carbon dioxide (CO2)
will, directly and indirectly, impact the performance of infrastructures. It was projected
that temperature would rise across the Australian continent with the increase of
approximately 1 °C and 3 °C in 2030 and 2070 respectively and this pattern would
vary little seasonally. Different from the temperature pattern which is always
increasing, the trend of precipitation change exhibit both increase and decrease [1].
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The use of the climate index, TMI, as a predictor of the depth of design soil suction
changes is now widely accepted by geotechnical engineers and practitioners in Aus-
tralia. Over the last 20 years or so, many researchers have published studies including
TMI maps for various parts of Australia. The first TMI contour map of the continent of
Australia was produced by Aitchison and Richards [2]. Based on this map, Smith [3]
created a TMI contour map for the State of Victoria by using the same TMI values that
were derived by Aitchison and Richards [2]. This map has been endorsed by the
Australian Residential Slabs and Footings Standard AS2870 [4] and used with minor
modification as guidance for design engineers to infer the depth of design soil suction
change, Hs, which is required for estimation of the characteristic surface movement, ys.
In this study, three TMI based climate zoning maps of the State of Victoria for 2030,
2050 and 2070 are produced.

Climate affects the extent of soil moisture variation likely to occur through time
[5–7] and hence the amount of foundation movement likely to occur on moisture
reactive foundation soils. The extent of variation in the soil moisture profile between
the extremes of wet and dry is greater in a more arid climate. This study assesses the
effects of climate variations (the projected changes in temperature and precipitation for
2030, 2050 and 2070) on the depth of design soil suction changes (Hs) that can be
estimated by using the TMI.

2 Overview of Thornthwaite Moisture Index

The Thornthwaite Moisture Index (TMI) was originally derived from precipitation
minus evaporation (P-E) Index by Thornthwaite [8] for the purpose of climate clas-
sification. In Australia, this climate parameter has been widely used in geotechnical
engineering and other disciplines to evaluate the soil moisture changes in an active
zone, predict the depth of seasonal moisture changes and classify climatic zones. TMI
is mainly a function of rainfall and potential evapotranspiration (PET). A negative TMI
indicates an arid climate with a deficit of precipitation relative to PET and generally
low moisture in the soil. A positive TMI indicates a humid climate with a surplus of
precipitation and generally high soil moisture. Zero TMI index means that, over the
long term, under average conditions, the inflow from precipitation just equals the loss
of soil moisture through evapotranspiration that would occur if the notional reference
vegetative cover was actually present.

TMI computation equation was originally pioneered by C. W. Thornthwaite in
1948. It was quickly accepted by the world scientific community and has been widely
used by many researchers across a variety of disciplines with success over the last
several decades. The original TMI equation is computationally intensive due to the
need to determine moisture surplus and deficit required for performing water-balance
approach. This equation was revised by Thornthwaite and Mather [9] and further
modified by Mather [10], leading to the following simplified TMI equation (Eq. 1)
which eliminates the need to carry out the water-balance approach and requires only the
annual precipitation (P) and the adjusted potential evapotranspiration (PET).
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TMI ¼ 100
P

PET
� 1

� �
ð1Þ

TMI indices can vary greatly if different PET estimation methods are employed.
A relatively simple temperature-based PET equation (Eq. 2) pioneered by Thornthwaite
[8] has been widely used by many researchers in Australia. A review and comparison of
different assumptions and methods for calculating TMI can be found in Sun et al. [11].

PETi ¼ ei
DiNi

30

� �
ð2Þ

where Di is the day length correction factor for the month i; Ni is the number of days in
the month i; and ei is the non-adjusted potential evapotranspiration (cm) for the month
i given as:

ei ¼ 1:6
10ti
Hy

� �a

ð3Þ

where ti is the mean monthly temperature in °C and calculated as the average of tmax
and tmin. The heat index for month i is determined as follows:

hi ¼ 0:2tið Þ1:514 ð4Þ

The annual heat index, Hy is simply calculated by summing the 12 monthly heat
index values. The power term a in Eq. 3, is given as:

a ¼ 6:75� 10�7H3
y � 7:71� 10�5H2

y þ 0:017921Hy þ 0:49239 and 0\ a\ 4:25 ð5Þ

3 TMI Determination for Victoria

Climate model which is a mathematical representation of the Earth’s climate system
has been commonly utilized for climate change projections. A total of 23 climate
models from the Coupled Model Inter-comparison Project 3 (CMIP3) database have
been adopted to project spatially dependent future climate for the continent of Australia
[1]. 40 emission scenarios have been developed under Special Report on Emissions
Scenarios (SRES) [12]. A1FI (fossil fuel intensive) may be considered as the extreme
high greenhouse gas emissions (GHGs) scenario, A1B (balanced) is the medium, and
A1T (predominantly non-fossil fuel) is the low emission scenario. Probability distri-
butions have been employed to present the uncertainties caused by the differences
among results of climate models and 50th percentile or the median gives the best
estimate.

Climate projections from 23 models provide by CSIRO, BOM and DCCEE [12] are
used to determine precipitation and temperature needed for the calculation of TMI for
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49 stations for the State of Victoria in 2030, 2050 and 2070. Mid-range emission
scenario (A1B scenario) is adopted in 2030 since there are marked variations among
results of climate models due to near-term changes in climate, while extreme climate
change scenario (A1FI scenario) is employed for 2050 and 2070 projections as climate
changes are more dependent on the greenhouse gas emissions scenario.

The methodology used to predicting and quantifying climate condition by the use
of TMI for various localities of the State of Victoria in 2030 (A1B scenario), 2050
(A1FI scenario) and 2070 (A1FI scenario) are described as follows:

• Collection of climate parameters in 1990

Weather parameters (i.e. monthly precipitation and monthly temperature) from various
weather stations across the State of Victoria in 1990 were purchased from the Bureau of
Meteorology (BOM). It should be pointed out that although there are 204 accessible
weather stations across the State of Victoria, only 49 of them have the fully recorded
historical climatological data required for this study.

• Projection of climate trend

The projected seasonal precipitation and temperature trend maps for the State of
Victoria in 2030 (A1B scenario), 2050 (A1FI scenario) and 2070 (A1FI scenario),
based on the best estimate (i.e. 50th percentile), was obtained from ‘Climate Change In
Australia’ website [13]. All the available weather stations of the State of Victoria were
plotted on the projected seasonal trend maps by using their coordinates (i.e. latitude and
longitude) so that the threshold of seasonal variation trend for each weather station can
be obtained in accordance with the given color scale bar (Fig. 1). Seasonal average
variation trend (i.e. the average of the maximum and minimum threshold of the vari-
ation trend) was adopted in the calculation.

Fig. 1. The projected summer temperature map for the State of Victoria in 2050 under A1FI
emission scenario.
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• Determination of TMI in 2030, 2050 and 2070

The precipitation and temperature data in 2030, 2050 and 2070 were obtained using the
seasonal average precipitation and temperature trend that is projected based on weather
condition in 1990. These predicted weather parameters were then used for TMI cal-
culation. The Thornthwaite PET model (i.e., Eq. 2) and the simplified Thornthwaite
equation (i.e., Eq. 1) were used for TMI computation.

4 The Delineation of TMI Isopleth Map for Victoria

A few different versions of TMI based contour map of the State of Victoria have been
published over the last ten years. Lopes and Osman [14] created TMI maps for the State
of Victoria using the climatic data from the period of 1948 to 2007. Leao and Osman
[15] calculated TMI using the 1913–2012 data. More recently, Li and Sun [16] pro-
duced three climate zoning maps of the State of Victoria from 1954 to 2013. In this
study, The calculated TMI indices were employed for the delineation of isolines on the
map of the State of Victoria for 2030, 2050 and 2070 by the use of Surfer® 11 to
evaluate TMI changes. Climate zones of Victoria are classified in accordance with
Table 1.

TMI-based contour maps (Figs. 2, 3 and 4) clearly indicate that the State of Vic-
toria will become warmer and drier, and a significant increase in clay soil movement is
expected for the State. It seems the most noticeable climate change will occur in 2070
due to the significant TMI variation compared to TMI map for 2030 and 2050. Gen-
erally speaking, the arid zone (zone 6, TMI < −40) were mainly distributed in the
north-west region of the State while the wettest zone (i.e. zone 1, TMI > 10) spread out
along the southern and eastern coastal areas. The substantially negative TMI values
present in the far north-west area can be attributed to the long period and high fre-
quency of drought, whereas large positive TMI values occur in southern regions are the
result of the moist coastal climate. The overall decrease in TMI values across various
locations of Victoria represents a prominent increase in aridity and hence a significant
reduction in average soil moisture availability, which could potentially result in an
increase in the severity of cracking of residential footings.

Table 1. Relationship between TMI, Hs and climatic zone [4].

Climatic zone Description TMI Hs (m)

1 Alpine/wet coastal >+10 1.5
2 Wet temperate −5 to +10 1.8
3 Temperate −15 to −5 2.3
4 Dry temperate −25 to −15 3.0
5 Semi-arid −40 to −25 4.0
6 Arid <−40 >4.0
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Comparing Figs. 2, 3 and 4 reveal that climate Zones 6 have spread into the
metropolitan area of Melbourne, taking up a large portion of previous Zone 4 and
Zone 5. It is worth noting that soil in south-western suburbs of Melbourne including
Laverton, and Avalon is expected to experience the growth of desiccation than else-
where. This implies the greater depth of design soil suction change and the higher
incidence of excessive ground surface movements. In December 2011, the Housing
Industry Association (HIA) estimated that more than 1000 new houses in the western
suburbs of Melbourne were damaged due to soil heave. These new houses have all
been built in drier weather between 2003 and 2010 and have been subjected to larger
ground differential movements induced by abnormal moisture changes after the

Fig. 2. TMI contour map for the State of Victoria in 2030.

Fig. 3. TMI contour map for the State of Victoria in 2050.
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construction of gardens/lawns and watering system around buildings and the breaking
of the long drought in 2011 [17, 18].

The changes in TMI isopleth in Figs. 2, 3 and 4 depict:

• Climate Zone 6 (Arid climate) at north-west is expected to suffer the severe aridity
and expand further towards south and east to include Castlemaine, Redesdale,
Benalla, Geelong and Melbourne CBD and its inner south-west suburbs (i.e.,
Avalon, Laverton), leading to a marked reduction of Zone 5.

• Climate Zone 5 (Semi-arid climate) has a significant contraction in the central of the
State and moves to south and east to include Casterton, Hamilton, Ararat, and
Bundoora. The prevailing dry temperate climate (i.e., Zone 4) in East Sale area is
replaced by Zone 5.

• Climate Zone 4 (Dry temperate climate) moves to east and south-west to include
Portland, Cerberus and Beechworth which are previously predominated by Zone 2.

• Climate Zone 3 (Temperate climate) move towards to south and expands further to
eastern coastal areas to include Coldstream and Omeo, resulting in a significant
contraction of Zone 2.

• Climate Zone 2 (Wet temperate climate) moves to south coastal in Port Fairy and
Warrnambool areas, and east coastal regions to include Point Hicks.

• Climate Zone 1 (Wet coastal climate) retract to the south coast, and a notable
contraction takes place in the eastern part of the State.

5 Conclusions

By the use of the projected rainfall reduction and temperature increase from 23 climate
models [13], the effects of changes in climate (temperature and precipitation) on TMI
and Hs can be evaluated. In this paper, a method for predicting TMI has been presented.

Fig. 4. TMI contour map for the State of Victoria in 2070.
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The predicted TMI values were employed to produce three TMI isopleth maps for the
State of Victoria in 2030, 2050 and 2070. These maps have shown that Victorian
climate will become drier in terms of annual TMI, where the most noticeable increase
of aridity is expected to occur in 2070. The general decrease in TMI value across
various areas of the State of Victoria indicates a marked reduction in average soil
moisture availability. This implies that residential slabs are likely to experience larger
ground movements due to the greater depth of Hs, which in turn may result in a higher
incidence of slab edge heave and an increase in the occurrence of distortion of resi-
dential buildings built on expansive soils.
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Abstract. In order to deal with some typical geotechnical problems, such as
stability of slopes and bearing capacity of foundations shear strength is con-
sidered as a fundamental soil property. The influence of matric suction on shear
strength has been recognized and various types of laboratory element tests with
suction control or measurement has been performed by many researchers. This
study aimed at understanding the role of matric suction on the transformation of
shear strength and failure mechanism in unsaturated soil. The method of study
was via a series of advanced laboratory element tests of two specific types;
(1) constant water content (CW) tests, and (2) fully undrained (FU) tests. The
tests were performed using the axis translation technique to measure matric
suction. The results indicate that the change in water content has an influence on
initial matirc suction. The relationship between matric suction and shear strength
is non-leaner, and change in matric suction affects the mechanical behavior of
unsaturated soil.

Keywords: Unsaturated soil � Shear strength � Water content
Matric suction

1 Introduction

In order to deal with some typical geotechnical problems, such as stability of slopes and
bearing capacity of foundations, shear strength is considered as a fundamental soil
property. The shear strength of soil is known to depend on many factors, like the range
of applied stresses and drainage characteristics of the soil. In the case of unsaturated
soil, the influence of matric suction has been recognized and various types of tests with
suction control or measurement had been performed by many researchers [3, 4, 6, 7].
Consolidated drained (CD), constant water content (CW) and undrained (UD) triaxial
tests are some of the unsaturated tests with suction control and measurement. Many
laboratory tests (like CD and CW) on unsaturated soil have been conducted under a
constant air pressure, however, the drained conditions for water and air cannot always
be attained in engineering problems [2]. For example, the air pressure in river
embankment increases during the seepage process and may vary during soil com-
paction. The air pressure changes in such cases, therefore, it is important to investigate
the air-water-soil interaction and a thorough understanding of the mechanical behavior

© Springer Nature Singapore Pte Ltd. 2018
L. Hu et al. (Eds.): GSIC 2018, Proceedings of GeoShanghai 2018 International Conference:
Multi-physics Processes in Soil Mechanics and Advances in Geotechnical Testing, pp. 120–128, 2018.
https://doi.org/10.1007/978-981-13-0095-0_14

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_14&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_14&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_14&amp;domain=pdf


of unsaturated soils under low confining stresses is important for predicting the stability
and deformation of the surface layer in natural slope or embankment [1].

For this reason, we have conducted a series of triaxial tests on silty soil under
undrained conditions for the water known as constant water content (CW) test and
undrained conditions for both water and air known as fully undrained (FU) test. In FU
tests, after applying axis translation technique, during the shear process neither pore
water nor pore air was allowed to flow out from the soil and both the pore water and
pore air pressure were accurately measured. Whereas in CW tests, during the shear
process the specimen was loaded maintaining the pore air pressure constant and drained
and pore water pressure in an undrained mode. This research focuses on the surface
layer of slopes or embankments which are normally under a state of low confining
stress, therefore, the soil specimens in this study are tested at low confining stress.

The main goal of this work is to investigate the role of matric suction on shear
strength behavior of unsaturated silty soil at low confining stress under different
drainage conditions. The change in matric suction due to water content is investigated
and the effect of matric suction on volume change, saturation ratio and effective stress
is also studied and discussed.

2 Experimental Setup and Methodology

In this part we will discuss the experimental setup, physical properties of soil and
technique to prepare specimen required to perform the test.

2.1 Experimental Setup

Figure 1 gives a schematic diagram of a modern unsaturated triaxial testing device for
cylindrical specimens 50 mm in diameter and 100 mm in height. In order to separate
the routes for the measurement and the control of the pore air pressure and the pore
water pressure, a membrane filter and a PTFE (polytetrafluoroethylene, known as
Teflon) sheet were used. The PTFE sheet was placed on the top of the specimen to cut
off the flow of water and to measure the air pressure. The membrane filter was installed
in the lower pedestal to cut off the flow of air and to measure the water pressure. The
thin membrane filter with pores of 0.45 mm has air entry value of 420 kPa. For fully
undrained tests, no pore water was allowed to flow out in both the isotropic consoli-
dation and monotonic shearing process. The salient feature of this triaxial apparatus is
that both pore air and water pressures can be measured separately. Pore air pressure
transducer was installed in the top cap and connected to air regulator in order to give
continuously supply of the air throughout the test. In addition to this, a solenoid valve
was also installed in the air drainage line inside the top cap to control drained/undrained
pore air. The change in volume of the specimen during the triaxial tests was measured
as the change in the water level in the inner cell by LCDPT (Low capacity differential
pressure transducer). The monotonic loading was applied under strain-controlled
conditions. The vertical load of the soil specimen was measured by the inner load cell.
The cell pressure and pore water pressure was measured by cell and pore water pressure
transducers. All instruments were connected with dynamic strain amplifiers which were

Role of Matric Suction on Shear Strength 121



then connected to A/D board and finally to PC. The dynamic strain amplifiers have a
voltage range of 0–10 V and PC has a software for controlling instruments.

2.2 Physical Properties of Soil

The silty soil known as “DL clay” in Japan was tested in this study. DL clay is
homogenous and easy to obtain. It is larger in grain size than average clay and is
composed of 90% silt and 10% clay. The soil particle density is 2.635 g/cm3 and the
liquid limit is non-plastic. The reason of using DL clay is that it has lower initial
suction than kaolin clay under the same degree of saturation.

2.3 Sample Preparation

The soil specimens used in this research were prepared by the static compaction
method. The purpose of using static compaction as opposed to dynamic compaction is
to obtain a more homogeneous specimen in terms of density [9]. Prior to performing
the compaction, the dry DL clay was mixed well with water to make up a water content
of 10%, 15%, 20% and 25%. After mixing with the water the specimens were statically
compacted in a layer of 20 mm (each) in a special apparatus with a hydraulic jack in
order to obtain homogeneity. The specimens were compacted to achieve a degree of
compaction of about 80%. The pre-consolidation pressure on the soil at the time of
sample preparation was more than during test process, therefore the soil used in termed
as over consolidated soil. According to Nishimura unsaturated soils near the ground
surface and artificially compacted soils are commonly over-consolidated due to change
in the environment [8].

Fig. 1. Schematic diagram of triaxial test apparatus
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3 Experimental Results

In this part, we will discuss the measurement of initial suction at various water content
and test results of constant water content tests and fully undrained test and finally, we
will compare and discuss the results of these two test series.

3.1 Initial Suction

The previous researches show that initial suction influences the behavior of unsaturated
soil. However, the suction depends on pore-water distribution and degree of saturation.
Figure 2 shows the variation of the monitored values of initial suction with time of
statically compacted specimens with a water content of 10%, 15%, 20% and 25% when
they were set in the triaxial apparatus. Due to different values of water content, the
initial suction varies and we can see that the higher the water content less is the initial
suction and less is the time required for stabilizing initial suction and vice versa. The
less time in stabilizing initial suction is due to use of a thin membrane filter having air
entry value of 420 kPa.

3.2 Constant Water Content Test

In constant water content test after measurement of the initial suction, the matric
suction was applied to soil specimen using the axis translation technique [4]. The
technique basically translated the reference origin of pore water pressure from standard
atmospheric condition to the final air pressure in the chamber. During the shear process,
the pore air pressure was drained and controlled whereas the pore water pressure was
measured. Figure 3 depicts the volumetric strain and stress-strain relations under dif-
ferent matric suction levels for CW tests. Due to high past pressure and a high degree of
compaction, the soil behavior was typical of over-consolidated soil hence the volume
increased with increase in axial strain. The effect of over-consolidation can also be seen
in a stress-strain curve in form of first a peak and then a post peak failure response. The
stress-strain relationship of specimen CW10 showed more brittle pattern than other
specimens, this tendency seems to influenced by high matric suction that increases the

Fig. 2. Measurement of initial suction
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stiffness of soil, this behavior was also observed by Kato et al. [5], however, the
brittleness decrease with a decrease in matric suction. The shear strength of soil also
changed with matric suction and the maximum value of shear strength was observed by
specimen with 15% water content. The peak shear strength value of all specimens were
ranged between 0–2.75%, up to this value there was no much difference in volumetric
strain, however, afterward, some change was observed which was due to post peak
response of specimens. The pore water pressure was undrained and measured during
the shearing process so slight increase in pore water pressure was also observed.

Figure 4(a) shows the saturation ratio versus axial strain during shearing, a slight
decrease in saturation ratio was observed in all specimens, the decrease in saturation
ratio was due to the dilative behavior of soil. Figure 4(b) illustrates the stress path in
terms of deviator stress and the mean effective stress. The stress paths are sloped at 3.0,
as the soil used in this study was over-consolidated, therefore, the stress path first
crossed critical state line reach the maximum point and ultimately reverse its direction
and fall on the critical state line. It can be seen that the final points of the stress paths all
meet at the critical state line with a gradient of 1.1 passes through the origin.
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wc=25%

wc=15%

Peak 
strength 

range

(a) (b)

Fig. 3. Constant water content test results: (a) volumetric strain (b) stress-strain relation
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wc=20%

wc=15%

M=1.1(a) (b) 

Fig. 4. Constant water content test results: (a) saturation ratio (b) stress path

124 A. M. Rasool and J. Kuwano



3.3 Fully Undrained Tests

Most of the laboratory tests on unsaturated soils have been conducted under constant
air pressure. However, the drained conditions for water and air cannot always be
attained in practice [2]. In the present study, we have conducted triaxial tests on silty
clay under fully undrained (FU) conditions. After measuring the initial suction and
applying axis translation technique (as explained earlier), the specimens were sheared
in undrained conditions for both air and water i.e. both pore air and pore water pressure
were measured. Figure 5 illustrates the volumetric strain and stress-strain relationship
for various matric suction levels of FU tests. Due to a high degree of compaction, the
soil showed dilative behavior and volume increase with an increase in axial strain. The
deviatoric stress also increase with axial strain and value of deviatoric stress varied with
matric suction, the effect of high degree of compaction can also be seen in form of peak
and post peak failure response. The peak deviatoric stress was obtained by specimen
prepared with 15% water content. However, for same matric suction values the
specimens tested in fully undrained conditions showed little bit more increase in
deviatoric stress than specimen tested in constant water content conditions due to
increase in pore air pressure during shearing. Unlike CW tests the peak values of
deviatoric stress were ranged between 0–4.5% and residual strength of specimens was
not meeting at a point. Due to the dilative behavior of soil, a slight decrease in
saturation ratio was also observed during shearing.

Figure 6(a) shows the change in pore air pressure during the shear process. It can be
seen that pore air pressure increase with an increase in monotonic loading then decrease
and finally become constant. The increase in pore air pressure was due to compression of
air inside the specimen, however, the air dissolved as the soil skeleton start broken. This
result in a decrease in pore air pressure and eventually it stabilized and become constant.
Figure 6(b) indicates the stress path in terms of deviator stress and the mean effective
stress. Likewise, CW tests stress paths are sloped at 3.0, the stress path first crossed the
critical state line reach the maximum point and ultimately reverse its direction and fall
on the critical state line. The stress ratio at failure is about 1.1 which is same as CW tests,
however, in the case of FU tests, the gradient is intercepted at 4 kPa. The same value of

(a) (b) 

wc=10%wc=10%

wc=15%

Peak 
strength 

range

wc=25%

Fig. 5. Fully undrained test results: (a) volumetric strain (b) stress-strain relationship
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the gradient along CSL indicate that the behavior of unsaturated soils can be described
well through the use of mean effective stress, the difference in intercept is due to different
drainage conditions of tests.

3.4 Discussion

The results from constant water content tests and fully undrained tests are compared
and influence of matric suction on mean effective stress and deviatoric stress is plotted
in Figs. 7 and 8. It can be seen that the values of both mean effective stress and
deviatoric stress are a little bit high for FU tests as compared to CW because of effect of
undrained pore air pressure in fully undrained conditions. Figure 7 illustrates that the
relation between mean effective stress and matric suction is non-linear. The values
increased with increasing matric suction for suction range up to 32 kPa which corre-
sponds to 15% water content but decreased with increasing matric suction for the
suction range greater than 32 kPa. The same non-linear behavior was observed in case
of deviatoric stress with increasing matric suction. It can be seen that for the soil tested
under same confining stress, the maximum deviatoric stress is obtained at matric
suction of 32 kPa, after which it drops. This shows that the shear strength behavior of

wc=25%

wc=10%

wc=15%

wc=20%

(a) (b) M=1.1

Fig. 6. Fully undrained test results: (a) pore air pressure (b) stress path

Fig. 7. Relationship between mean effective stress and suction at peak for CW & FU tests
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unsaturated soils can be described well through the mean effective stress. The behavior
of deviatoric stress against matric suction is same as mean effective stress, however, the
values are different. Finally, it can be said that it the mean effective stress that controls
the shear strength of unsaturated soils.

4 Conclusion

In this paper, the role of matric suction on the shear strength of unsaturated silty soil
was studied under constant water content and fully undrained conditions. The test
results showed that matric suction decrease with increase in water content. During
shearing, no much change in volumetric strain was observed, the saturation ratio
decrease because of dilative behavior. In case of fully undrained tests, pore air pressure
also changed during shearing because of change in air voids. The intercept of stress
path changed because of post peak shear behavior. Peak shear strength and effective
stress were observed at the same matric stress suction which showed that the mean
effective stress controls the shear strength behavior of unsaturated soils.
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Abstract. Strong thermodynamic disequilibrium existed in HLW repository
site often deteriorates the hydration swelling capacity of compacted bentonite,
including the crystalline swelling and the double-layer swelling. In order to
investigate the temperature effect on the crystalline swelling capacity and the
double-layer swelling capacity, four swelling pressure tests and four swelling
strain tests were conducted on compacted Gaomiaozi (GMZ) bentonite speci-
mens saturated with de-ionized water under the temperature of 20 °C to 80 °C.
Main observations show that the crystalline swelling capacity and the
double-layer swelling capacity generally decrease with the temperature increa-
ses; whereas the crystalline swelling pressure and the double-layer swelling
strain present a slight increase tendency under higher temperatures, especially
the temperature 60 °C and 80 °C.

Keywords: Compacted bentonite � Crystalline swelling
Double-layer swelling � Swelling pressure � Swelling strain

1 Introduction

The increase in environmental radioactive waste as a consequence of nuclear industrial
development is an issue that the societymust face. The presence of hazardous radionuclide
is detrimental to a variety of living species, especially human beings and animals.
Whatever progressive technique is developed in the future for recycling and reusing spent
fuel, there will always be some inevitable residue that requires final disposal.

As a suitable artificial barrier material, bentonite is often used in multiple barrier
systems of high-level radioactive waste repository (Saiyouri et al. 2000; Lemaire et al.
2004; Komine 2004; Autor 2006; Ye et al. 2013) because of its high sorption capacity
for retardation of radionuclide, hydration swelling capacity for relieving the sur-
rounding rock stress, low hydraulic conductivity against fluid transport and radionu-
clide migration, good self-sealing potential for fractures healing, and adequate
rheological deformability for permanent isolation of radioactive waste, etc. (Pusch
1983; Dixon 2000; Komine 2004; Lloret and Villar 2007; Castellanos et al. 2008;
Siddiqua et al. 2011; Zhu et al. 2013). In reality, strong thermodynamic disequilibrium
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caused by the nuclear decay heat of 50–210 °C from waste canister often existed in
HLW repository site (Garcíagarcía et al. 2006). These good buffer performances,
especially the hydration swelling capacity of compacted bentonite, may be severely
threatened. Hence, it is necessary to investigate its thermodynamic response to carry
out the hydration swelling capacity evaluation of artificial barrier material.

Based on the hydration swelling capacity of compacted bentonite, major contri-
butions have been conducted. Norrish (1954) thought that crystalline swelling and
double electric layer swelling controlled mesoscopic swelling process. For the
adsorption process of montmorillonite to water molecules, Bird (1984) found that the
polar water molecules entered into the crystal structure of smectite clays and adsorbed
on its crystal layers, resulting in the interlayer spacing expansion of montmorillonite
following with the crystal layers increasing from one layer to four layers. On the basis
of the findings of Norrish (1954) and Bird (1984), Suzuki et al. (2005) graphically
expressed the relationship between microscopic and mesoscopic swelling, thought that
stage I-the adsorbed water occupied the interlayer space between smectite layers of a
quasicrystal under moderate humidity conditions, while the micro-pores among qua-
sicrystals remained dry; stage II-the aggregate swelling could no longer be recognized
even if the quasicrystals swelled and filled the micropores after contacting with the
solution; stage III-the aggregates continued to swell as quasicrystals swelled further
after filling micropores; and from stages II to III, thick quasicrystals might split into
several thinner quasicrystals with fewer layers while maintaining a constant interlayer
distance. Laird (2006) thought that six separate processes controlled the swelling of
smectites in aqueous systems, that is, crystalline swelling, double-layer swelling, for-
mation and breakup of quasicrystals, cation demixing, co-volume swelling and
Brownian swelling; and also showed that basic mechanism and forces were different.

Contributions to the temperature effect on the hydration swelling capacity are also
being done (Pusch et al. 1990; Lingnau et al. 1996; Xie et al. 2007; Ye et al. 2013).
Heating effect on the swelling pressure of montmorillonite depends on the predominant
cation in the exchange complex; generally speaking, the swelling pressure increases in
sodium montmorillonite while it decreases in calcium montmorillonite (Pusch et al.
1990; Lingnau et al. 1996); the reason invoked is that the net effect of two mechanisms
—lattice contraction due to dehydration of the interlamellar space and increase of the
osmotic pressure at stack contacts—is different for the two types of clay, namely
Lattice contraction predominates in Ca bentonite while the increase in osmotic pressure
predominates in Na bentonite (Pusch et al. 1990). In addition to the effect of the
predominant cation in the exchange complex, these factors of overconsolidation ratio,
plasticity, expansibility and water content etc. (Villar and Lloret 2004) also affect the
hydration swelling capacity of compacted bentonite. Highly overconsolidated clay
exhibit a volume expansion when they are heated (Baldi et al. 1988; Sultan et al. 2002;
Romero et al. 2005). The volume change induced by temperature increases with the
plasticity of clay (Demars and Charles 1982).

These research findings focus more on the temperature effect on the hydration
process, as well as the interaction of temperature with some factors. However, Strong
thermodynamic disequilibrium effect on the hydration swelling capacity, including the
crystalline swelling and the double-layer swelling, and even the effect mechanism of
compacted bentonite is very rare. Hence, based on the observation of the hydration
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swelling capacity of compacted bentonite under different temperatures, this paper
mainly investigates the temperature effect on the crystalline swelling capacity and the
double-layer swelling capacity. Four swelling pressure tests and four swelling strain
tests were conducted on compacted GMZ bentonite specimens saturated with
de-ionized water under the temperature of 20 °C to 80 °C.

2 Materials and Methods

2.1 Choice of Raw Materials

GMZ bentonite was taken from Gaomiaozi in the Inner Mongolia Autonomous Region,
300 km northwest from Beijing, China. It is a light gray powder sodium bentonite with a
montmorillonite fraction of about 75.4% in mass, with small quantities of Quartz (around
11.7%), Cristobalite (around 7.3%), Feldspar (around 4.3%), Kaolinite (around 0.8%) and
Calcite (around 0.5%). The total cation exchange capacity is 62.59–82.06 meq/100 g,with
29.66–38.48 meq/100 g for the major exchangeable cations Na, 19.73–23.18 meq/100 g
for Ca, 8.74–13.40 meq/100 g for Mg, and 0.47–1.01 meq/100 g for K (Ye et al. 2014).

The value obtained for the external specific surface area is 33.90 m2/g and the total
specific surface area obtained is about 570 m2/g (Ye et al. 2010, 2013). The bulk
chemical components of the specimen obtained using the X-ray fluorescence spec-
trometry (XRF) include SiO2, Al2O3, Fe2O3, Na2O, CaO, K2O, MgO, FeO, TiO2,
P2O5, MnO and some lanthanides, such as La, Ce, Nd, and so on (Chen et al. 2012).

2.2 Laboratory Test Methods

GMZ bentonite power with an initial water content of 11.92% was first compacted in a
stainless steel ring mold to obtain the cylindrical specimen of 50 mm diameter and
10 mm height of a target dry density of 1.7 g/cm3. In this process, the specimen was
confined in the ring preventing it from swelling deformation laterally. After that, the
specimen with the metallic confining ring was immediately installed into the testing
cell for the swelling capacity test under the constant volume condition (Fig. 1) and the
constant vertical stress condition (Fig. 2).

To measure the temperature effect on the swelling pressure, the de-ionized water
was infiltrated into the processed specimens. These specimens had been completely
saturated and the difference in suction potential between the bentonite and the
hydration solution approached zero. The swelling pressure test was considered as
completed. The kinetics development of the swelling pressure was recorded by the data
logger every two minutes.

What’s more, to measure the temperature effect on the swelling strain, compacted
bentonite specimens were infiltrated into the de-ionized water from the bottom under
constant vertical stress 0.1 MPa. The one-dimensional vertical deformation was
recorded by the dial indicator. Consequently, vertical swelling deformation occurred
when absorbing the de-ionized water. The test was considered to be completed when
the vertical deformation recorded was stable for 72 h at least.
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3 Results and Discussion

The evolution process curve of the swelling pressure and the swelling strain over time
under different temperatures was shown as Fig. 3. The evolution process curve of the
swelling pressure is mainly divided into three stages for these specimens saturated with
de-ionized water at different temperatures based on its inflection point, that is, stage I
(the crystalline swelling), stage II (the breakup and formation of quasicrystal), and
stage III (the double-layer swelling) (Fig. 3a) (Suzuki et al. 2005; Laird 2006). The
evolution process curve of the swelling strain is divided into three stages based on
Sridharan et al. (2004) research results, that is, initial swell, primary swell and

Fig. 1 Multifunction setup for swelling pressure and hydraulic conductivity test (1: Sample; 2:
Porous stone; 3: Piston; 4: Load sensor; 5: Top cover; 6: Ring; 7: Basement; 8: Valve; 9: Data
logger; 10: Reagent bottle; 11: Peristaltic pump; 12: Digital thermostat water bath pot)

Fig. 2 Schematic temperature-controlled one-dimensional swelling deformation apparatus (1:
Dial indicator; 2: Flange; 3: Ring; 4: Piston; 5: Specimen; 6: Porous stone; 7: Weights; 8:
Reagent bottle; 9: Peristaltic pump; 10: De-ionized water; 11: Digital thermostat water bath pot)
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secondary swell (Fig. 3b) (Sridharan et al. 2004; Rao and Thyagaraj 2007); primary
swell and secondary swell are controlled by the crystalline swelling and the
double-layer swelling, respectively.

For the evolutionary process curve of the swelling pressure, the inflection points are
conducted to distinguish the crystalline swelling and double-layer swelling. What’s
more, for the evolutionary process curve of the swelling strain, Sridharan et al. (2004)
research results are cited in the paper, that is, the tangential intersection of the swelling
strain curve of the approximately linear growth is used. In order to obtain the specific
data, the evolution process curves of the swelling pressure and the swelling strain of the
approximately linear growth are fitted.

3.1 Temperatures Effect on the Crystalline Swelling

The adsorbed water occupies the interlayer space between smectite layers and makes
bound water membrane thickness thicker, resulting in the thickness of quasicrystals
increasing; thicker quasicrystals split into several thinner quasicrystals with fewer
layers and fill the micropores after contacting with aqueous systems. Crystalline
swelling is a process whereby 0 to 4 discrete layers of water molecules are intercalated
between individual 2:1 layers within a smectite quasicrystal (Laird 2006). The distance
between the bentonite layers can gradually equal to 9.6Å, 12.6Å, 15.6Å, 18.6Å and
21.6Å, which corresponds to 0, 1, 2, 3 and 4 moisture layers, respectively (Saiyouri
et al. 2000) (Fig. 4).

Test results show that the crystalline swelling pressure and the crystalline swelling
strain generally decrease with the temperature increases (Fig. 5). 4.47 MPa, 3.98 MPa,
2.91 MPa and 3.21 MPa of the crystalline swelling pressure, and 43.91%, 42.61%,
41.20% and 40.02% of the crystalline swelling strain are given corresponding to the
temperature 20 °C, 40 °C, 60 °C and 80 °C, respectively.

Crystalline swelling is composed of two parts, that is, the direct adsorption of water
molecules and the indirect adsorption of water molecules, which are controlled by
hydrogen chemical bonds and exchangeable cations presented on the surface of the

Fig. 3. The evolution process curve of the swelling pressure and the swelling strain over time
under different temperatures
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crystal layer, respectively (Savage et al. 1992; Dougherty 1998; Laine and Karttunen
2010; Esrafili, 2013; Mafy et al. 2015). As one of the intermolecular forces, hydrogen
chemical bonds are susceptible to temperature (Olphen 1965; Mafy et al. 2015) because
that high temperature often causes more intense molecular thermal motion. There is no
doubt that the increase in energy will weaken hydrogen chemical bonds interaction, so
that the crystalline swelling capacity is weakened compared to the temperature 20 °C.

Ignoring the general decrease tendency presented by the crystalline swelling
pressure, it shows a slight increase when the temperature is 60 °C to 80 °C. This paper
attributed it to the thermal expansion effect of the crystal, which was caused by high
temperatures. The microscopic mechanism of the thermal expansion effect can be
interpreted as: the spacing of atoms increases with temperature because of an asym-
metric potential energy curve between atoms. A balance between strong forces of
attraction and repulsion controlled crystalline swelling, which was more easily modeled
by both the potential energy of attraction and repulsion. The extent of crystalline
swelling was determined by a balance between potential energy of repulsion (Grp),
attraction (Gat) and mechanical resistance (Grs), namely

Fig. 4. Schematic distance between two layers of smectite (Saiyouri et al. 2000)

Fig. 5. Crystalline swelling pressure and crystalline swelling strain under different temperatures
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Grp ¼ Gat þ Grs ð1Þ

where Grs was defined as positive when mechanical resistance contributed to the
potential energy of attraction and negative when it contributed to the potential energy
of repulsion (Laird 1996).

The thermal expansion effect makes mechanical resistance contribute to the
potential energy of repulsion, that is, mechanical resistance (Grs) is defined as negative.
Therefore, an unbalance between potential energy of attraction and repulsion is pro-
duced, which promotes the crystalline swelling capacity.

3.2 Temperatures Effect on the Double-Layer Swelling

Double-layer swelling occurs between quasicrystals against within quasicrystals of
crystalline swelling (Laird 2006). The interlayer cations of smectite would stoichio-
metrically balance the negative surface charge arising from isomorphous substitution
(Marcelja and Quirk 1992; Muurinen and Lehikoinen 1999; Mata et al. 2005). The
adsorption layer is formed because that the interlayer cations were absorbed and were
agglomerated on the surface of the clay particles. Meanwhile, due to the thermal
motion of moleculars, the interlayer cations would be free from the surface of clay
particles which further forms the diffusion layer (Tripathy et al. 2004). Thus, a total
double-layer structure composed of an adsorption layer and a diffusion layer has
eventually formed.

The double-layer swelling pressure and the double-layer swelling strain generally
decrease with the temperature increases (Fig. 6). 0.96 MPa, 0.84 MPa, 0.61 MPa and
0.18 MPa of the double-layer swelling pressure, and 2.5%, 2.1%, 2.5% and 2.78% of the
double-layer swelling strain are given corresponding to the temperature 20 °C, 40 °C,
60 °C and 80 °C, respectively.

It was not difficult to imagine that high temperatures would promote the movement
of anions and cations in the adsorption layer and the diffusion layer, and thereby cause
the electric potential and even the double-layer repulsion to decrease. However, the
double-layer swelling strain shows a slight increase under higher temperatures,

Fig. 6. Double-layer swelling pressure and double-layer swelling strain under different
temperatures
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especially the temperature 60 °C and 80 °C. It may be related to the thermal expansion
effect. According to the relationship between the saturated vapor pressure and tem-
perature (Fredlund and Rahardjo 1993), that is

Pv ¼ B� exp � F
RvT

� �
ð2Þ

where Pv was defined as the saturated vapor pressure; B and F were the constant,
namely 2.315 � 108 kPa and 2489.3 kJ/kg, respectively; Rv was defined as the water
vapor content, namely 0.4615 kJ/(kg�K); T was defined as the temperature (K).

The saturated vapor pressure was calculated as 2.236 kPa, 7.655 kPa, 21.529 kPa
and 53.856 kPa in turn when the temperature is 20 °C to 80 °C. Compared to the
temperature 20 °C, the saturated vapor pressure increases about 223.82%, 810.70%
and 2178.17% corresponding to the temperature 40 °C, 60 °C and 80 °C, respectively.
What’s more, the strength of compacted bentonite would decrease because of its
hydration process. Therefore, the reduction in strength provided an opportunity for
airflow to slowly penetrate bentonite particles.

4 Conclusions

In this paper, eight swelling tests were conducted on compacted GMZ bentonite
specimens with an initial dry density of 1.70 g/cm3. Temperature 20°C to 80°C was
conducted to investigate the temperature effect on the crystalline swelling capacity and
the double-layer swelling capacity. Main conclusions are shown as follows:

(1) Compared to the temperature 20 °C, the crystalline swelling capacity and the
double-layer swelling capacity generally decrease with the temperature increases. The
crystalline swelling pressure and the double-layer swelling strain show a slight increase
under higher temperatures, especially the temperature 60 °C and 80 °C, which may be
related to the thermal expansion effect.

(2) The crystalline swelling process and the double-layer swelling process of the
compacted bentonite are controlled by their initial stress state.
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Abstract. The value of a soil parameter may vary greatly in space from one
point to another due to different depositional and post-depositional conditions.
The phenomenon is known as soil variability which is characterized by
auto-correlation of soils. The extent of auto-correlation is generally expressed by
its auto-correlation distance. This paper examines the auto-correlation distance
properly for unsaturated soils through laboratory tests focusing on three types of
soil parameters, including the physical, deformation, and hydraulic parameters.
Test results show that the variability of the physical parameters (water content,
bulk density, void ratio, specific gravity, free swelling ratio, liquid limit, plastic
limit, and plasticity index) is very small; the variability of the deformation
parameters (shrinkage limit, maximum linear shrinkage ratio, coefficient of
contraction, volume shrinkage ratio and volume expansion ratio) is moderate;
while the variability of the hydraulic parameters (soil-water characteristic curve
fitting parameters, and the saturated hydraulic conductivity) is relatively large.
Generally, the horizontal auto-correlation distance is greater than the vertical
auto-correlation distance.

Keywords: Spatial variability � Auto-correlation distance
Correlation function � Unsaturated soil � Soil parameter

1 Introduction

Due to different depositional and post-depositional conditions, the values of a soil
parameter are correlated but may vary greatly in space from one point to another even
in the same soil layers. This correlation and variability can be expressed by random
field theory which was pioneered by Vanmarcke [1]. The probabilistic modeling of soil
profiles by random field theory is the basis for many geotechnical reliability analyses.

In the random field theory, a soil parameter can be described statistically by the
mean, the coefficient of variation (COV) and the auto-correlation distance (f). The
auto-correlation distance defines the minimum distance within which the values of a
soil parameter are significant correlated. The means and the COVs of soil parameters
can be calculated by probabilistic statistics [2, 3]. However, the auto-correlation

© Springer Nature Singapore Pte Ltd. 2018
L. Hu et al. (Eds.): GSIC 2018, Proceedings of GeoShanghai 2018 International Conference:
Multi-physics Processes in Soil Mechanics and Advances in Geotechnical Testing, pp. 139–146, 2018.
https://doi.org/10.1007/978-981-13-0095-0_16

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_16&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_16&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_16&amp;domain=pdf


distance needs more complex tests and calculations [4], which makes it relatively hard
to obtained

Many methods have been proposed to determine the auto-correlation distances of
soils [2, 5–7]. The values of auto-correlation distances obtained by different scholars
vary greatly due to different test methods and conditions. On the other hand, most
published values of auto-correlation distances were obtained using shear strength
properties [8], site investigation data [9] (e.g., cone penetration test) or physical
properties of soils [10]. Much less attention has been paid to the hydraulic parameters
of unsaturated soils due to the time-consuming testing required for unsaturated soil
parameters [11, 12]. Therefore, it is very important to eliminate the influence of dif-
ferent test conditions on the auto-correlation distances of different soil parameters by
using the same soil. Meanwhile, it is also necessary to test and evaluate the
auto-correlation distances of hydraulic parameters of unsaturated soils because many
constructions are built in unsaturated soils.

Based on the above review, a series of laboratory tests were carried out and three
types of soil parameters (the physical, deformation, and hydraulic parameters) were
obtained for the unsaturated soil in Hefei, China. The means, the COVs, and the
auto-correlation distances of these parameters were calculated and assessed.

2 Experimental Investigation

A construction site in Hefei, China was selected as research area. This construction site
consists mainly of thick clayey layer. For the evaluation of horizontal auto-correlation
distances of soil parameters, we collected undisturbed soil columns in 10 boreholes.
These boreholes were located on the same cross section and the distance between each
two adjacent boreholes was 10 m (Fig. 1) according to the literature review [10, 11]. In
each borehole, the test soil was sampled at 10 m below the ground level. All these soil
columns were unsaturated clays. Each soil column’s height was 60.0 cm and the
diameter was 7.2 cm. On the other hand, continuous soil columns were sampled along
one borehole for the evaluation of vertical auto-correlation distances of soil parameters.
The total thickness of the clayey layer in this borehole was 10.2 m and the continuous
soil sample was divided into 12 segments of equal length. So there were all together 21
undisturbed soil columns. These undisturbed soil columns were then cut into small
pieces to carry out laboratory tests.

Fig. 1. Locations of soil samples
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Because the laboratory tests for unsaturated soil is very time consuming, these
undisturbed soil columns were wrapped very carefully to protect them from losing
water before being tested. The detailed procedure for wrapping and preserving these
soil columns is referred to Li (2017) [13].

For assessing the auto-correlation distance of soil parameters, many laboratory tests
were carried out. These tests can be classified as physical parameter tests, deformation
parameter tests, and hydraulic parameter tests. These tests are carried out according to
the Standard for soil test method in China (GB/T 50123-1999) [14].

The physical parameter tests include the testing of soil’s water content (w0), bulk
density (q0), void ratio (e0), specific gravity (Gs), free swelling ratio (def), liquid limit
(wL), plastic limit (wp), and plasticity index (Ip). These parameters can be readily
calculated based on their definitions and the equations listed in the Standard [14].

The deformation parameter tests consist of the testing of shrinkage limit (wn),
maximum linear shrinkage ratio (dm), coefficient of contraction (kn), volume shrinkage
ratio (dv), and volume expansion ratio (ηv). The first four parameters (wn, dm, kn, and
dv) could be measured by shrinkage test [15]. Through the shrinkage test, the rela-
tionship between linear shrinkage ratio (d) and water content (w) could be obtained,
and parameters wn, dm, and kn could be calculated by fitting the d * w relationship
using Weibull model [16]. Parameter ηv (volume expansion ratio) could be measured
by humidification test. Both volume shrinkage ratio (dv) and volume expansion ratio
(ηv) could be calculated by dividing the change of soil sample’s volume to the original
volume before testing.

The hydraulic parameter tests consisted of the testing of soil-water characteristic
curve (SWCC) and unsaturated hydraulic conductivity curve (UHC). The SWCC can
reflect the relationship between the suction and the water content of unsaturated soil,
whereas the UHC can describe the relationship between the suction and the hydraulic
conductivity of unsaturated soil. Many models have been proposed to describe the
SWCC and UHC, among which the van Genuchten models for the SWCC and UHC are
widely used in geotechnical engineering [17, 18], and they are expressed as follows:

w ¼ wr þ ws � wr

½1þðw=aÞn�m ; k ¼ ks
f1� ðw=aÞn�1½1þðw=aÞn��mg2

½1þðw=aÞn�m=2
ð1Þ

where w is the suction; ws and wr are the saturated and residual water content,
respectively; a, n and m are curve fitting parameters and m = 1 − 1/n is assumed in van
Genuchten model (Parameter a corresponds to the suction at the inflection point on the
curve; parameter n is related to the pore size distribution of the soil and it corresponds
to the slope of the curve at the inflection point); and ks is the saturated hydraulic
conductivity. Therefore, the hydraulic parameters are a, n, ws, wr, and ks.

For obtaining the SWCC in both lower suction and higher suction range, the
osmotic method and the filter paper method were used together for suction measure-
ments [19]. Variable head permeability test was used to test the saturated hydraulic
conductivity of soil samples. For ensuring the test accuracy, all tests were repeatedly
conducted in three times, and the averages of the three tests were used for the following
analysis.
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3 Calculation of Auto-Correlation Distance

There are several methods for the calculation of auto-correlation distance (f), such as
average distance method, statistical simulation method, recursive space method, curve
limit method, and correlation function method, among which the correlation function
method (CFM) is the most widely used in geotechnical engineering. The CFM is to
calculate the auto-correlation distance by fitting the empirical sample auto-correlation
function using a theoretical correlation function. The empirical sample correlation
function R(h) can be estimated using the following equations [20]:

RðhÞ¼ 1
s2ðn� j� 1Þ

Xn�j

i¼1

xðziÞxðziþ jÞ ð2Þ

where h = jDz is the distance of two points with j intervals and Dz is the sampling
distance; n is number of samples; s2 is the sample variance; x(zi) and x(zi+j) are
measured values of soil parameter at locations of zi and zi+j, respectively.

By fitting the relationship between R(h) and h using a specific theoretical corre-
lation function, the fitting parameter of correlation function and the auto-correlation
distance can be obtained. Five popular correlation functions and the corresponding
calculation equations for auto-correlation distance are listed in Table 1 [4, 8].

Generally, no auto-correlation model is preferable over others based on physical
motivations [21]. Therefore, the empirical sample correlation data is fitted by each of
the five models listed in Table 1 using least-squares regression procedures, and then the
best correlation function model is selected by comparative assessment of the
goodness-of-fit (e.g., the determination coefficient) of the five models.

4 Results and Discussions

As described in Sect. 2, the physical parameters, the deformation parameters of ηv and
dv, and the hydraulic parameters of ks can be calculated by simple formulas, while the
deformation parameters of wn, dm, and kn and the hydraulic parameters of a, n, ws, and

Table 1. Auto-correlation models and corresponding auto-correlation distances

Model Correlation function Auto-correlation
distance (f)

Single exponential (SNX) R(h) = exp(−bh) 2/b
Squared exponential (SQX) R(h) = exp[− (bh)2] p0.5/b
Cosine exponential (CSX) R(h) = exp(−bh)cos(bh) 1/b
Second-order Markov (SMK) R(h) = (1 + bh)exp(−bh) 4/b
Triangular (BIN) R(h) = 1 − bh for h � 1/b

R(h) = 0 for h � 1/b
1/b
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wr need to be calculated through curve fitting. The fitted d * w curves (from shrinkage
tests) and w * w curves (from SWCC tests) for the 21 sets of data are shown in Fig. 2
(a) and (b), respectively. It can be easily found that the fitting parameters of these
curves vary apparently.

According to the descriptions in Sect. 3, the five correlation function models listed
in Table 1 are adopted for fitting the empirical sample auto-correlation function. The
cosine exponential model (CSX) is found to be superior to other models because the
result by CSX yields the maximum determination coefficients.

The statistics (range, mean, COV, and auto-correlation distance) of the physical,
deformation, and hydraulic parameters are listed in Table 2. Because the values of
residual water content (wr) are very small and they have little influence on the
mechanical and hydraulic properties of unsaturated soils, the statistics of wr are not
listed in Table 2.

4.1 Statistics of Soil Parameters

As can be seen from the values listed in Table 2, the range of COVs of the physical
parameters is between 0.01 and 0.32, and the mean of these COVs is 0.12. Further-
more, the COVs of the three basic physical parameters (w0, e0, and Gs) are less than
0.1, which means that the variability of these physical parameters is very small.

The range of COVs of the deformation parameters is between 0.19 and 0.52 and the
mean of these COVs is 0.29. This value is higher than the mean of COV of physical
parameters.

Table 2. Statistics of soil parameters.

Parameters Range Mean COV Auto-correlation
distance (m)

Horizontal Vertical

Physical
parameters

Water content w0 (%) 19.6–28.5 23.8 0.09 8.93 0.69

Void ratio e0 0.55–0.73 0.63 0.05 6.04 0.82

Density q0 (g/cm
3) 1.96–2.09 2.03 0.02 6.57 0.64

Specific gravity Gs 2.60–2.76 2.69 0.01 4.47 0.63

Plastic limit wP (%) 18.1–29.9 25.6 0.12 5.20 0.93

Liquid limit wL (%) 36.7–65.9 54.3 0.15 7.02 1.06

Plasticity index IP 18.5–38.3 28.7 0.21 7.72 1.20

Free swelling ratio def (%) 12.5–71.3 44.9 0.32 11.53 1.49

Deformation
parameters

Shrinkage limit wn (%) 7.2–14.2 10.7 0.16 9.64 1.29

Maximum linear shrinkage dm (%) 2.2–9.3 6.4 0.30 5.67 0.80

Coefficient of contraction kn 0.21–0.56 0.45 0.19 3.99 0.72

Volume shrinkage ratio dv (%) 9.0–9.2 18.6 0.29 4.78 1.14

Volume expansion ratio ηv (%) 2.3–19.7 10.1 0.52 4.80 0.80

Hydraulic
parameters

Parametera (kPa) 1.5–44.3 13.3 0.84 4.12 0.88

Parameter n 1.07–1.14 1.10 0.02 16.07 1.22

Saturated water content ws (%) 24.0–38.9 31.2 0.13 9.14 1.14

Saturated hydraulic conductivity ks (m/s) (0.22–3.65)
�10−8

1.19 � 10−8 0.84 4.19 0.93
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The range of COVs of the hydraulic parameters is between 0.02 and 0.84, and the
mean of these COVs is 0.46. The high mean value of COV of hydraulic parameters is
due to the high variability of parameter a and ks. The variability of parameter n is very
small, which can be seen from the approximately parallel linear segments of the
SWCCs in Fig. 2.

As a whole, the variability of the physical parameters is very small; the variability
of the deformation parameters is moderate; while the variability of the hydraulic
parameters is relatively large.

4.2 Auto-Correlation Distances of Soil Parameters

From Table 2, we can find that the average values of the horizontal auto-correlation
distances for the physical, deformation and hydraulic parameters are 7.2 m, 5.8 m, and
8.4 m, respectively. Similarly, the average values of the vertical auto-correlation dis-
tances for the physical, deformation and hydraulic parameters are 0.9 m, 1.0 m, and
1.0 m, respectively. By comparing the values of the horizontal and vertical
auto-correlation distances, it is found that the horizontal auto-correlation distances are
larger than the vertical auto-correlation distances for all the three types of parameters.
This conclusion is consistent with the existing studies [2, 22].

From the values of the auto-correlation distances listed in Table 2, we can find that
there are no apparent differences for the physical, deformation and hydraulic param-
eters of the unsaturated clay. This can be further proved by Wilcoxon one-way rank
analysis method [13]. Gao (1996) [23] also addressed that the auto-correlation distance
was an inherent attribute of soils. This conclusion is very important for the selection of
the auto-correlation distances of unsaturated soil. For example, the measurements of the
auto-correlation distances of hydraulic parameters are usually complicated and
time-consuming. But according to this conclusion, the auto-correlation distances of
hydraulic parameters can be approximately evaluated by the physical parameters which
are relatively easy to measure. The founding provides insights in evaluation of the
auto-correlation distance of hydraulic parameters under the situation of limited
hydraulic tests.

Fig. 2. (a) Shrinkage curves of tested soils. (b) Soil-water characteristic curves of tested soils.
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5 Conclusions

To evaluate the auto-correlation distances of unsaturated soils, a series of laboratory
tests were carried out in this study to obtain three types of soil parameters. Test results
showed that the variability of the physical parameters is very small, the variability of
the deformation parameters is moderate, and the variability of the hydraulic parameters
is relatively large. The auto-correlation distance is an inherent attribute, and there is no
apparent difference among the auto-correlation distances of the physical, deformation,
and hydraulic parameters of the unsaturated soil.
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Abstract. Expansive soils in unsaturated state cause problems to several civil
engineering structures due to its transient volume change behavior. Present
study is focused on evaluation of swelling and collapsible characteristics of
unsaturated compacted expansive soil specimens and their relationship with
suction. A series of volume change swell pressure tests and double oedometer
tests were conducted at varying degree of saturation to evaluate swelling pres-
sure and collapse potential of Bharuch expansive soil respectively. Suction
measurements of soil were conducted by employing WP4C Dew point Poten-
tiameter at different water content. Presence of higher negative pore pressure
induced higher swelling pressure, which was observed to vary exponentially
with total suction. Results indicated significant influence of soil suction on soil
fabric arrangement, which substantially affected collapse behaviour of expansive
soil. Collapse potential of Bharuch expansive soil was observed to decrease with
increase in water content due to reduction in suction of soil indicating meta-
stable state of soil at lower degree of saturation.

Keywords: Total suction � Collapse potential � Swell pressure

1 Introduction

Unsaturated soils comprising of three phase system (air, water & soil) and possessing
water content less than complete saturation (Sr < 100%) are encountered in numerous
geotechnical engineering practices especially in arid and semi-arid regions. Zone above
natural hydraulic datum (water table) consisting of unsaturated soil is commonly
referred as vadose zone; and most of the man-made structures such as roads, embank-
ments, airfields, earth dams, tunnels, natural slope linings, covers of waste containment
are preferred to be constructed in this zone of the soil layer to ease out overall con-
struction process. Soil layer above hydraulic datum possess negative pore pressure,
which is commonly known as soil suction. Presence of soil suction influences the overall
mechanical response of soil in unsaturated state [1]. Expansive soils in their unsaturated
state are encountered widely in several parts of the world. Heavy financial losses occur
every year due to presence of such soils [1]. Major problem with the expansive soil is
due to its shrinkage-swelling characteristics leading to severe damages to geotechnical
structures. Geometric arrangement (fabric) within soil skeleton would influence the
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volume change behavior of soil [2]. Transient change in the suction of soil with change
in degree of saturation subjected to environmental changes would cause the alteration in
soil fabric. Urbanization leading to sudden upsurge in water level within soil strata due
to improper drainage conditions could cause swelling of soil mass followed by
hydro-consolidation (collapse behaviour) of expansive soil under given loading con-
ditions [3]. Volume change within the soil mass i.e. swelling and collapse would depend
upon negative pore pressure present within the soil mass. The present research is
focused on the influence of varying suction pressures on collapse potential and swelling
characteristics of expansive soil.

2 Material Properties and Specimen Preparation

Soil selected for the present analysis was collected from Bharuch (Gujarat, India).
Sample was collected from 0.5 m depth to ensure absence of organic matter. Grain size
distribution of soil exhibited 6% sand, 35% silt and 59% clay. Atterberg’s limits of the
soil were attained; liquid limit (LL) of 69%, plasticity limit (PL) of 30%, shrinkage
limit (SL) of 10%. Specific gravity of soil was obtained to be 2.74. The collected soil
was classified as CH soil (cohesive soil with high compressibility) as per the IS (Indian
standard) classification system. DFSI (Differential free swell Index) of collected soil
was obtained to be 104%, which indicated the soil to be highly expansive in nature.
X-ray diffraction analysis revealed that soil possess Montmorillonite, Halloysite and
Quartz minerals. Maximum dry density (MDD) and optimum moisture content
(OMC) of Bharuch expansive soil were obtained to be 1.46 g/cc and 24% respectively
employing standard proctor test. Specimens S1, S2, S3, S4 and S5 of the Bharuch
expansive soil were prepared at dry density (qd) of 1.46 g/cc & varying water content
(w) and corresponding degree of saturation (Sr) as listed in Table 1. Moist tamping
method [4] was used to prepare specimens for obtaining total suction, collapse potential
and swell pressure of Bharuch expansive soil.

3 Experimental Methodology

3.1 Total Suction Measurements Using Dew Point Potentiameter

Dew point Potentiameter was used to evaluate total suction (w) of the soil. Dew point
Potentiameter works on principle of Chilled Mirror Hygrometer technique [5, 6].
WP4C Dew point potentiameter developed by Decagon devices was used in the present

Table 1. List of unsaturated soil specimens of Bharuch expansive soil

Specimen No. w (%) As-compacted water content Sr (%)

S1 17 7% dry of OMC 53
S2 21 3% dry of OMC 66
S3 24 OMC 75
S4 27 3% wet of OMC 84
S5 31 7% wet of OMC 97
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study (Fig. 1). The technique determined the total suction of soil specimen by evalu-
ating relative humidity (p/p0) employing Kelvin’s equation (Eq. 1) and displaying total
suction (w) as an output.

w ¼ RT
M

ln
p
po

ð1Þ

Where, R is the gas constant, T is the Kelvin temperature, M is the molecular mass
of water, p is the vapour pressure of air and p0 is the saturation vapour pressure at
sample temperature. The Dew point Potentiameter method could cover large range of
suction (0 kPa to 300 MPa) and was reported to be the most quick and accurate method
to measure total suction [7–9]. The main components of the Dew Point Potentiameter
comprises of mirror, photo detector cell, temperature sensor (thermopile) and Fan.
Specimen filling half of the PVC cup, provided by the manufacturer was placed in the
block. The fan in the block could speed up the equilibration process. A beam of light
was directed onto the mirror and reflected into the photo detector cell. When con-
densation would occur, the photo detector cell would detect the variance in reflectance.
The temperature, at which condensation appeared on the mirror, could be detected by
the thermocouple attached to the mirror. The temperature sensor measured the tem-
perature of the specimen. At equilibrium, water potential (Total suction) was equivalent
to the relative humidity of the air in the chamber (p/p0). In the current study, specimens
were prepared at 1.46 g/cc and varying water contents: 17%, 21%, 24%, 27% and 31%.
Soil-water mixture was filled and compacted to obtain required bulk density up to half
height of the PVC cups to avoid contamination inside dew point potentiameter. Total
suction was evaluated at 20 °C. Dew point potentiameter’s block temperature (Tb) was
set at 20 °C and temperature equilibrium was acquired in 20–25 min. It was ensured
that sample temperature (Ts) was lesser than block temperature (Tb) to avoid con-
densation inside the block by placing as-compacted specimen in biological incubator
with temperature control. It took 30–45 min for as-compacted specimen to reach
temperature less than block temperature (20 °C). This could be ensured by placing the
specimen in the block and checking the variation of Ts-Tb. If the value of Ts-Tb < 0,
the specimen was allowed for determination of Total suction. In continuous mode of
measurements, five consecutive readings of total suction for each specimen were
recorded and averaged to obtain total suction of the specimen at that particular water
content and dry density. Each readings took around half an hour for measurement.
Entire test for each as-compacted specimen was completed in the period of three and
half hours.

3.2 Collapse Potential Determination Using Double Oedometer Setup

Collapse potential suggests the extent of collapse of soil skeleton subjected to sudden
inundation or vertical stress augmentation. In the present study, collapse potential
(CP) of Bharuch expansive soil was determined by employing double-oedometer test
[2]. In 1989, the double-oedometer test was introduced as one of the most accurate and
less time consuming technique to obtain collapse potential (CP) of soils [9]. The
mechanism and methodology of double-oedometer test were introduced and explained
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in detail by [9]. This technique was further used by various researchers such as [10].
The same mechanism was adopted in the current study. In this procedure, two iden-
tically compacted specimens were placed in the consolidation mould of two different
1D consolidation setups. One of them was loaded under as-compacted conditions
(unsaturated) and the other one was initially saturated for 24 h under seating load of
5 kPa. Both the specimens were further loaded sequentially; 10 kPa, 20 kPa, 50 kPa,
100 kPa, 200 kPa, 400 kPa and 800 kPa. Unsaturated state of the specimen was pre-
served by placing a thin plastic sheet between porous stones and damp filter paper as
shown in Fig. 2.

Porous stone acted as a rigid plate for the as-compacted (unsaturated) specimen.
Air/water outlets of the oedometer mould were sealed using insulation (electrical) tape
to prevent evaporation of water from the unsaturated specimen. The entire setup was
covered with plastic shrink wrap. Vertical stresses were incremented on both specimens
(as-compacted & saturated) after each specimen reached equilibrium under applied
vertical stress. Equilibrium time of 24 h under each load was considered in the present
analysis. Equilibrium void ratio (after 24 h) indicating volumetric strain for each
vertical stress increment was evaluated for both specimens. Collapse potential of soil is
expressed as the difference between volumetric strains at a particular vertical stress
normalized by initial void ratio of the specimen. It was determined using expression
given by [10] represented in Eq. 2.

Fig. 1. Total suction measurement of Bharuch expansive soil. (a) WP4C Dew Point
Potentiameter, (b) Specimens inside biological incubator, (c) Biological incubator.

Fig. 2. Schematic diagram depicting as-compacted specimen in double oedometer test
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CP ¼ ei � ef
1þ e0

ð2Þ

Where, ei = equilibrium void ratio from 1D consolidation oedometer test of
as-compacted specimen, ef = equilibrium void ratio from 1D consolidation oedometer
test of saturated specimen (inundated specimen), e0 = initial void ratio of the specimen,
CP = collapse potential.

3.3 Swell Pressure Determination Using Volume Change Method

Swelling pressure (Ps) can be described as the pressure exerted by the expansive soil,
when change in the volume of soil has been restricted. Swelling pressure (Ps) of the
Bharuch soil was determined employing volume change method using conventional
consolidation set-up. In this test, the as-compacted specimen prepared in the oedometer
ring was placed in the consolidation set up and water was allowed to penetrate the soil
specimen. Under seating load of 5 kPa, specimen was allowed to swell until the
volume change became constant. Subsequently, the specimen was loaded sequentially
from 10 kPa, 20 kPa, 50 kPa, 100 kPa, 200 kPa, 400 kPa and 800 kPa. The pressure
increment, at which soil specimen reached its initial void ratio (e0), was determined as
swelling pressure of soil from e vs log rv′. Swelling pressure of expansive soil was
determined at varying water content ranging from 17% to 31% at 1.46 g/cc dry density.

4 Results and Discussion

4.1 Relationship of Swell Pressure with Total Suction

Total suction (water potential) indicates the tendency of water to move from one place
to other due to capillarity, surface tension and osmosis. Water potential is the quan-
tification of the potential energy between water within the soil mass and the free water.
It varies with the change in concentration of solutes or due to variation in
adhesive/cohesive forces binding the water to solid surfaces termed as matric potential
(matric suction). As depicted from Fig. 3, the total suction of the Bharuch soil was
found to be decreasing with the increase in water content. As degree of saturation
would increase, the proportion of the bulk water within the particles would increase in
unsaturated soil [4]. This would cause gradual disappearance of the air-water interface
and dilute the salt concentration indicating reduction in total suction of soil. Variation
of swell pressure with degree of saturation and total suction are represented in Fig. 4(a)
and (b) respectively. Swelling pressure of Bharuch expansive soil was observed to vary
exponentially with total suction, as shown in Fig. 4(b). Swell pressure of Bharuch soil
was observed to decrease with increment in the degree of saturation. However the
specimen possessing higher suction was observed to possess higher swelling capacity.
Suction would govern the degree of development of diffused double layer [11]. Both
matric and osmotic component of the total suction would control inter-layer spacing
between structural units of Montmorillonite swelling mineral [12]. Larger values of
total suction indicated smaller inter-layer spacing yielding higher negative charge on

Relationship of Collapse Potential and Swell Pressure 151



the particle, which would led to higher affinity of water for equilibrium. This would
induce higher swelling pressure of expansive soil containing higher matric suction.
Increase in degree of saturation reduced the affinity for water, which led to lower values
of swell pressure for the specimens possessing lesser suction values.

4.2 Relationship of Collapse Potential with Total Suction

Collapse potential is the quantitative measurement of soil-skeleton collapse due to
sudden inundation or vertical stress augmentation. Higher values of collapse potential
indicate higher susceptibility to collapse. Soil skeleton collapse of any soil is associated
with localized deformations. Variation of collapse potential of Bharuch expansive soil
with increase in vertical stress at different water content is shown in Fig. 5. Collapse
characteristics of expansive soil were observed to increase with the increase in vertical
stress. The observation was found to be analogous for all specimens. Higher collapse
potential of Bharuch soil was observed at lower degree of saturation. Collapse potential
at 400 kPa and 800 kPa vertical stresses at varying degree of saturation are listed in
Table 2. The specimens possessing higher suction exhibited higher collapse as com-
pared to specimens with lower suction values. Collapse potential for specimen S1 was

Fig. 3. Variation of total suction with degree of saturation of Bharuch expansive soil

(a) (b)

y = 71.207e0.1424x

Fig. 4. Variation in Swell pressure of Bharuch expansive soil. (a) Degree of saturation vs Swell
pressure, (b) Matric suction vs Swell pressure
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observed to be 2.15 times and 1.45 times higher as compared to specimen S5 at
400 kPa and 800 kPa vertical pressures respectively. With upsurge in water content,
collapse potential of specimen was observed to decrease.

Matric suction component of the total suction governs the strength behavior of soil
in unsaturated state. The osmotic component of the total suction is negligible as com-
pared to matric component and hence can be neglected [5]. Total suction directly can be
taken equal to matric suction assuming negligible contribution of osmotic suction in the
mechanical behaviour of soil. Soil particles under unsaturated condition are held
together by capillary force arising due to capillarity and surface tension phenomena
(matric suction).

It can be referred as additional inter-particle resistance [4] due to presence of
menisci or air-water interface. This inter-particle resistive force would tend to bring
particles towards each other leading to improvement in the strength and stiffness of soil.
This might lead to closer and random orientation of particles joined by menisci. With
sudden inundation (saturation), flattening of the menisci would take place. This might
result in progressive reduction of inter-particle resistive force causing rapid collapse of
the unstable soil skeleton. Specimens possessing higher suction would be bonded with

Fig. 5. Collapse potential of Bharuch expansive soil with varying water content at different
vertical stress

Table 2. Collapse potential of Bharuch expansive soil with varying degree of saturation and
as-compacted total suction

w (%) Sr (%) w (MPa) CP(%) @ rv = 800 kPa CP(%) @ rv = 400 kPa

17 53 7.20 6.7 5.3
21 66 4.25 5.8 3.8
24 75 3.17 5.6 3.5
27 84 1.75 5.6 2.5
31 97 0.76 4.6 1.9
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higher intensity as additional inter-particle resistive force would be large. Hence, it
would cause larger magnitude of collapse within soil skeleton on saturation. However,
at higher water content (low suction), menisci would be nearly flattened resulting into
uniform arrangement of particles, which might lead to lower amount of collapse on
saturation. Due to application of vertical stress, the sliding and rotation amongst soil
particles would occur within the soil mass.

This might lead to straining of the menisci, which would eventually weaken the
resistive force leading to the collapse of the soil structure. Hence, the specimen pos-
sessing lower suction would undergo higher collapse indicating friable and unstable
nature of soil structure at lower degrees of saturation.

4.3 Relationship of Swelling Pressure with Collapse Potential

From the current research, it could be identified that swelling pressure and collapse
potential would be governed by the negative pore water pressure (suction) of unsatu-
rated expansive soil at given dry density and water content. Thus, it could be justified
that the suction could alter the geometric arrangement of particles, which would further
control the volumetric deformation (Swell and collapse) of soil. Polynomial variation
was observed between swelling pressure and collapse potential of the Bharuch
expansive soil (Fig. 6a and b). The suction behavior of unsaturated soil was reported to
be influenced by its particle size distribution [1]. In expansive soils, the amount of clay
content is found to be higher. The smaller the particle size, the higher would be the
matric suction component of the soil suction. Hence, it could be understood that the
intrinsic connection between swelling pressure and collapse potential would be the
particle size for the expansive soil. Thus, it could be attributed that larger the amount of
smaller particles (clay) present in the soil mass, larger would be the value of suction.
Hence, the higher values of swelling pressure and collapse potential would be obtained.
Analogous observations were found regarding relationship of swelling and collapse
behavior from the present study.

(a) (b)

Fig. 6. Variation of swelling pressure with collapse potential of Bharuch expansive soil. (a) CP
@ rv = 400 kPa, (b) CP @ rv = 800 kPa
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5 Conclusion

Key observations from the current study are as follows:

• Total suction of Bharuch soil specimen was observed to decrease with increase in
the degree of saturation due to increment in the bulk water amongst soil particles.

• Exponential variation was obtained between swelling pressure and total suction of
Bharuch expansive soil. Reduction in swell pressure with decrease in total suction
was determined due to lesser affinity of water with decrease in suction.

• Collapsible nature of expansive soil was ascertained at higher suction values and
higher vertical stress augmentation due to weakening of the additional inter-particle
resistive force on sudden inundation and slippage among particles within the soil
mass. Both swelling pressure and collapse potential of the soil would be higher for
soil possessing larger clay fraction.
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Abstract. The swelling-shrinkage characteristics of expansive soils have great
influence on the stability and settlement of electricity transmission towers, so that
it is very important to estimate accurately the climate-dependent volume/stress
change of the expansive soil foundations. In this paper, a kind of weakly
expensive soil taken from a transmission tower foundation in Henan province
were studied. One-dimensional swelling tests and constant volume tests were
conducted to study the swelling ratio and swelling pressure of the expensive soils
under different water contents which were chosen in accordance with the actual
climate conditions. Results show that both swelling ratio and swelling pressure
decrease linearly with the increase of initial water content, while the swelling rate
increases with the decrease of water content; shrinkage ratio is linear to initial
water content, while shrinkage anisotropy becomes more obvious with the
increase of initial water content.

Keywords: Expansive soils � Volume change � Swelling pressure
Oedometer tests

1 Introduction

Due to the rapid urbanization progress of many areas in China, more and more trans-
mission towers are under construction with the urgent demand of power transmission
lines. Moreover, abundance of expansive soils in China [1] gives rise to the inevitability
of the dependence of some towers on expansive soils. However, a transmission tower
which is usually considered as a relatively tender structure is quite susceptible to the
damage resulting from subsidence and stability due to the swelling-shrinkage charac-
teristics of expansive soils. So it is very important for us to understand well how the
foundation soils behave. Many researches show that the volume change behavior of an
expansive soil is related to its initial state including initial water content, dry density,
surcharge loads etc. [2]. During the operation period of a transmission tower, the dry
density and surcharge loads of foundation soil remain constant. So initial water content,
which is mainly effected by the climate and season, plays a dominant role in the
settlement and heave of expensive soil foundation.

Many researchers have studied the problem of swelling and shrinkage of clays under
different initial water contents. Some researchers concludes that the swelling-shrinkage
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characteristics are linear to the initial water contents. Zou et al. [3] found that the
swelling ratio of expansive soils decreases linearly with the increase of water contents
under the same surcharge loads. Lu et al. [4] found that the swelling pressure of Nanjing
weakly expansive soils was inversely linear to initial water contents. On the other side,
Ding et al. [5] found swelling pressure was negatively but not linearly correlated with
the initial water contents. Yang et al. [6] used an exponential function to describe the
relationship between swelling pressure and initial water contents. According to Kong
et al. [7], the plastic limit could be used as a critical point which divided the relationship
curves of swelling pressure and shrinkage ratio with initial water contents into two parts.
Although there are so many studies on the swelling or shrinkage characteristics of
expansive soils, systematic research on deformation should be further conducted.

In this paper, both swelling and shrinkage characteristics of expensive soil under
different water contents were observed for a transmission tower foundation. An
accurate evaluation of settlement/heave and pressure change for expensive soil foun-
dations was made according to test results, which could be good reference to the design
and remedy of transmission tower foundations in the expensive soil area.

2 Material and Specimens

2.1 Experimental Material

The experimental material used in this study was a type of weakly expansive soil
obtained from a transmission tower foundation in Nanyang, China. According to the
geological investigation report, the soil is alluvial and diluvial cohesive soil formed in
Quaternary pleistocene, colored in yellowish-brown, rigid-plastic, containing some
Fe, Mn oxide nodules. The basic physical properties of the natural soil were determined
with the test methods in accordance with SL237 (1999), and the results are listed in
Table 1. The particle size distribution curve obtained by hydrometer analysis is shown
in Fig. 1, which presents the clay size fraction was about 33.26%. The mineral com-
position was analyzed by X-ray diffraction technique (D/max-rB) and the result is
shown in Table 2.

Table 1. Basic physical properties of the natural soil.

Density
(g�cm−3)

Dry density
(g�cm−3)

Void
ratio

Specific
gravity

Liquid
limit (%)

Plastic
limit (%)

Free swelling
ratio (%)

2.07 1.69 0.621 2.74 37.70 18.20 59

Table 2. Mineral composition of the soil.

Mineral Quartz Albite Microcline Kaolinite Illite Illite-smectite Mixed-layer
ratio

Percentage
(%)

50 10 6 1.36 0.68 31.96 10
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2.2 Specimen Preparation

The specimens were prepared for the tests to obtain the vertical swelling ratio, swelling
pressure and free shrinkage of the expensive soil. All the specimens were compacted
into the same density of 1.7 g/cm3 with different water contents ranging from 14% to
23%, which were chosen in accordance with the actual climate conditions [8]. At first,
the naturally dried soil was grinded into powder and then passed through a 0.05 mm
sieve. In order to control the initial water content of each specimen, the amount of
water added was calculated according to the corresponding target water content and
naturally dried water content (7.3%). The soil powder was sufficiently mixed with
water, and then was sealed and stored in a plastic bag for 24 h to ensure a homoge-
neous water distribution. Finally the desired amount of wet soil was compacted into a
specimen ring (61.8 mm in diameter and 20 mm in height) in three layers with a 2.5 kg
hammer falling from a height of 30 cm.

3 Testing Methods

3.1 One-Dimensional Swelling Test

The specimens with different initial water contents were placed in oedometers under a
seating load of 1 kPa. Then they were completely immersed in water and allowed to
swell freely. The readings of vertical swelling deformation were recorded regularly
until the deformation within 6 h did not exceed 0.01 mm. The swelling ratio is defined
as the ratio of the maximum heave in specimen upon wetting to the specimen’s initial
height. The whole swelling process took about 3 days.

To simulate the swelling characteristics of the expensive soil under light load, the
swelling ratio under a surcharge of 50 kPa was tested. The process was centrally similar
to that of the free swelling test, except two differences: (a) the specimens were com-
pressed under a 50 kPa pressure before being saturated, (b) after reaching the maximum
swelling deformation, the specimens were unloaded to the seating load of 1 kPa. In this

Fig. 1. Particle size distribution curve
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situation, the specimens would continue to swell since the load decreased. The final
swelling deformation were recorded and compared with the free swelling ratio.

3.2 Constant Volume Oedometer Test

In this test, the specimens were sustained at the initial void ratio by continuously
adding balance loads on the consolidation frame. The largest vertical deformations of
specimens were controlled to be less than 0.01 mm. The balance loads were applied by
gradually adding sands into a bucket hanged on the loading arm until no deformation
was observed. Then the swelling pressure was calculated as the load required to retain
zero swell divided by the specimen area.

3.3 Shrinkage Tests

The shrinkage tests of specimens with different initial water contents were performed in
the free shrinkage apparatus, where the soil specimens were placed on porous plates.
Then specimens were slowly dried in air at a constant temperature of 20 °C. The
weight of each specimen was measured to calculate gravity water content changes
during the desiccation process; while vertical and horizontal shrinkage deformation
were measured by dial gauge and slide caliper respectively. The experiment was
stopped when the dimensions of specimens remained constant, which took 3–4 days.
Geometry factor (cs) [9] was analyzed to evaluate anisotropy of soils shrinkage
deformation. It is a factor related to the volume shrinkage and height shrinkage:

cs ¼
lnðVs=V0Þ
lnðZs=Z0Þ ð1Þ

Where, Vs is the final volume of the specimen after being dried, V0 is the initial
volume of specimen; Zs is the final height of specimen after being dried, Z0 is the initial
height of specimen; cs ¼ 3: isotropic shrinkage; 1 < cs < 3: subsidence dominates
cracking; and cs > 3: cracking dominates subsidence.

4 Results and Discussion

4.1 Swelling Ratio

Figure 2 shows the free swelling ratio versus time of compacted specimens. Figure 3
shows swelling ratio versus time under 50 kPa, here the negative value indicates that
specimens are compressed under the load before swelling. The swelling ratio is cal-
culated by the instant specimen height divided by the initial height (20 mm). The
corresponding swelling ratio versus initial water contents is shown in Fig. 4.

In Figs. 2 and 3, the curves of swelling ratio can be divided into three stages: fast
swelling stage (0–3 h), slow swelling stage (3–6 h) and steady stage (more than 6 h).
In the fast swelling stage, water infiltrates into specimens and reacts with clay particles
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which increases the thickness of moisture film around soil particle. Specimens swell at
a high speed, and the swelling ratio can account for 80% of the total swelling ratio. In
slow swelling stage, the swelling speed slows down and the specimens only absorb
little water. The swelling is deduced by the reorganization of soils’ internal structure.
The steady stage lasts for a relatively long time until reaching a steady state, but the
swelling during this stage is small.

These three figures also illustrate that with the decrease of initial water contents,
specimens swell faster and end at a higher swelling ratio. Because a lower water
content leads to a higher suction, and the existence of higher suction helps soils
specimens to absorb water faster when they are immersed in water. In addition,
aggregates show greater swelling potential under higher initial suction during the
reaction between water and illite-smectite mixed layer [10].

The middle line in Fig. 4 represent swelling ratio under 1 kPa unloading from
50 kPa which indicates that loads limit specimens from swelling, while unloading
could allow specimens to continue swelling. However the final swelling ratio is less
than the free swelling ratio because internal structure reorganization makes soil parti-
cles arranged more closely. This can also be understood as that the former loads 50 kPa
has done negative work during the process of expansion, which consumes the swelling
potential of specimens.

Fig. 2. Free swelling ratio versus time Fig. 3. Swelling ratio versus time under 50 kPa

Fig. 4. Swelling ratio versus initial water contents
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4.2 Swelling Pressure

Swelling pressure refers to the pressure that needed to keep the volume of expansive
soils at a constant value during water infiltration. Figure 5 shows the evolution curves
of swelling pressure corresponding to different initial water contents. The trend of the
curves is similar to that of swelling ratio, which can be also divided into three stages.
However, by comparing Fig. 5 with Figs. 2 and 3, it can be found that swelling
pressure takes less time than swelling ratio to reach the steady state, probably lies in the
difference of physical mechanism behind between swelling pressure and swelling ratio.
Swelling ratio serves as a cumulative quantity. The swelling ratio reaches its peak level
(namely steady state) after the specimen arriving at its full hydration, while the swelling
pressure does not. This can be better understood by investigating the hydration process
of the specimen. As shown in Fig. 6, during an early period of hydration, the specimen
was partially hydrated due to the low permeability of expansive soils, where the lower
part was fully hydrated but the upper part remained almost dry. As a result, the stiffness
of the upper part will be much larger than that of the hydrated lower part, so that the
upper part and the steel components above can be collectively treated as an effective
rigid piston that transfers the axial load induced from the hydrated lower part to the
consolidation frame, just as the swelling test were conducted solely on the lower part
that acts as a separated specimen. In this way, the obtained swelling pressure during
that period will be quite close to the maximum swelling pressure of the whole specimen
and can be fairly approximated as the peak (steady) swelling pressure of it.

Figure 7 illustrates that swelling pressure, as with swelling ratio, also decreases
linearly with the increase of initial water contents. This can be explained by the
swelling mechanism of expansive soils. The swelling behavior of expansive soils is due
to the forming of moisture film around the clay particles. For a certain soil, the max-
imum thickness of moisture film is fixed. However adding some water during specimen
preparation can partially thicken the moisture film around clay particles, resulting in the
decrease of swelling ability. So specimens compacted with a higher initial water
contents would have less swelling potential.

4.3 Shrinkage Characteristics

Figure 8 illustrates that the shrinkage process due to drying can be divided into two
stages. Firstly, shrinkage ratio is proportional to the variation of water contents. In this
stage, the matric suction in soil specimen increases with the evaporation of pore water.

Fig. 5. Swelling pressure versus time Fig. 6. Hydration process of specimen
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Under the action of matric, the particles of soil get closer to each other gradually, which
contribute to the volume shrinkage of specimens. The slopes of these curves under
different water contents are nearly the same. That is to say, initial water contents have
little influence on shrinkage index. The second stage is a drying process with slight
volume change at the water contents less than the shrinkage limit (about 9%). In this
process, although matric suction continues to increase, its action area is decreased and
soils fabric has become stable. The force deduced by the matric suction has little effect
on the position of soils particles. So the specimens do not show any shrinkage further.
It is also worth mentioning that specimens did not crack during the whole drying
process since they were dried in a relatively slow speed and the final water content was
not low enough to induce cracking.

Figure 9 shows that the final horizontal shrinkage ratio increase linearly with water
contents. The obtained relationship is consistent with the past observations presented
by Ref. [11]. The geometry factors calculated with formula (1) are shown in Table 3.
The factors of the specimens with different water contents are all greater than 3.0,
which indicates that the volume change are mainly caused by horizontal shrinkage.
Furthermore the anisotropy becomes greater with the increase of water contents.

Fig. 7. Swelling pressure versus water content

Fig. 8. Shrinkage ratio versus water content Fig. 9. Shrinkage ratio versus initial water
content
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5 Conclusions

From these laboratory tests, the effect of initial water content on the swelling-shrinkage
characteristics of compacted expansive soils is investigated. Following conclusions can
be drawn as follows:

(1) Swelling properties including swelling ratio and swelling pressure act inversely
with the initial water content. Specimens under lower water contents absorb more
water and show stronger swelling potential during stabilization process.

(2) The swelling pressure or swelling ratio versus time can be divided into three
stages: fast swell stage, slow swell stage and steady stage (more than 6 h).

(3) Vertical shrinkage ratio increases linearly with the initial water content. However
the water contents have little influence on the shrinkage index.

(4) Geometry factors of the specimens with different water contents are all greater
than 3.0, which indicates horizontal shrinkage contributes to the volume shrinkage
slightly more predominantly than vertical shrinkage. The geometry factor
becomes greater with the increase of initial water content, which indicates that the
shrinkage anisotropy becomes more evident.
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Abstract. In this paper, the soils of the weathered granite with double layer soil
slope in the hot and humid areas are studied. The water holding characteristics of
compacted samples are studied by the pressure plate technique and vapor
equilibrium method with saturated salt solution, and the effect of saturation on
the shear strength is studied. The experimental results show that the residual soil
has better water holding capacity than the completely weathered soil, which has
greater air-entry value and residual suction value, and the gradient of the tran-
sition zone is smaller. There is an optimal saturation in this two weathered soils
to reach the peak of the shear strength. The influence of shear strength index is
different: the effect of saturation on the internal friction angle is little, but the
effect on the cohesion is significant. The different weathered degree affects the
soil properties such as the mineral composition and grain size gradation of two
weathered soils. The residual soil has higher clay content and residual iron
oxide, which affects two weathered soils in the soil water characteristic cure
(SWCC) and shear strength of the characteristics. The mechanism of these
differences can be clearly elucidated by analyzing the matrix suction and the
cementation between soil particles, which provides a theoretical basis for the
engineering management of weathered granite slopes.

Keywords: Weathered granite soils � SWCC � Saturation
Shear strength � Cementation effect

1 Introduction

Geological disasters such as landslides and debris flows are frequent in the granite
distribution area of southeastern China. Because of the different weathered degree, the
weathered granite slope is diverse from the common homogeneous slope, the stability of
the slope is more complicated. The weathered granite soils are formed by the weathered
and laterization of granite under humid tropical climates. Numerous facts show that
rainfall is the most important and most common factor affecting the shear strength of the
slope, which leads to the shallow slope of the slope (Gvirtzman et al. 2008 and
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Xu et al. 2011). The stability of weathered granite slopes is studied from the aspect of
grain size composition, but the effect of saturation is neglected (Zhang et al. 1997).
A similar study of unsaturated water holding capacity and strength has done a lot (Baker
and Frydman 2009; Gallage and Uchimura 2010). At present, many studies have found
that most of the landslides in the granite landslide are located in the residual soil with
low shear strength, but the typical granite landslide site investigation found that the
sliding surface is mostly located in the whole weathered zone.

Although many research work has been carried out, it is still lack of a clear
recognition and systematic deep study on weathered granite water holding capacity as
well as the impact of water content on the shear strength of the law. Aiming at the
problem of rainfall-induced landslide of weathered granite double layer soil slope, the
paper uses the experiment of the soil water characteristic curve (SWCC) and direct
shear test to discuss the water holding capacity and the influence of saturation on the
shear strength of granite weathered soils, and then analyzes the mechanism of rainfall
induced shallow landslide.

2 Test Materials

We have carried out representative sampling and testing of the residual zone (2–5 m
below the surface) and the completely weathered zone (6–10 m) soil. In this paper, the
particle analysis experiment of different layers of slope profile is carried out, it turns out
that the content of particles in the residual soil with greater than 2 mm is less than 5%, and
less than 0.5 mm particles content is greater than 50%. Its color is brick red or brown red
which mixed with a small amount of white quartz particles, while the original rock
structure was completely destroyed so the clay particles and silt particles are high in
content, leading to a closer arrangement and higher bond strength. In the strong weath-
ered zone, the particle content of more than 2 mm is less than 20% and the content less
than 0.5 mm is 50%. The quartz content is more than the residual soil, while occasionally
contains the weathered or weakly weathered granite solitary rock, which color mainly
contains yellowish brown, mixes with red, gray, white and other colors. This part of soil is
relatively loose and the structure is coarse clastic structure or granular structure.

According to the classification of granite residual soils as taking into account the
size and structure of the soil particles (Wu 2006), the residual soil is named silty clay
and the completely weathered soil is named as silty sand. The physical indicators of the
two layers of soil are listed in Table 1. The comparison of the physical indices show
that, all the parameters of the residual soil are higher than that of the completely
weathered soil.

Table 1. Properties of soils used in this study.

Property Residual soil Completely
weathered soil

Property Residual soil Completely
weathered soil

Liquid limit 55.8% 43.7% Specific gravity 2.71 2.66
Plastic limit 30.3% 28.6% Plasticity index 24.5% 15.1%
SSA (m2/g) 107.2 70.2 CEC (meq/100 g) 29.5 21.2
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3 Test Method

The test soils were crushed after air drying then passed through a 2 mm sieve, the dry
density of soil sample is taken as the average of the natural dry density of the double-
layer soil, that is qd ¼ 1:55 g=cm3, the size of the sample is 61.8 mm in diameter and
20 mm in height. A direct shear test with different saturation and the SWCC test were
carried out.

3.1 Direct Shear Test Program

The soil samples with saturation of 20, 40, 60 and 80% were prepared respectively, and
after 24 h of soil samples were sealed, the corresponding quality soil samples were
taken by the static compaction method to obtain the ring-like sample. The soil samples
with 100% saturation were achieved by pumping saturated soil samples with saturation
of 80%. Remodeled samples were sealed and moistened for 24 h, then subjected to a
direct shear test. The test adopts the ZJ-2 type strain-controlled direct shear instrument,
and the ring-like sample is carried out under the vertical pressure of 100, 200, 300 and
400 kPa to do the undrained fast shear test.

3.2 The SWCC Test Program

The measurement of suction is realized by measuring the SWCC, the low suction
section adopts the pressure plate method (0–1500 kPa) as shown in Fig. 1, the High
suction section (3 MPa–368 MPa) adopts the saturated salt solution vapor balance
method as shown in Fig. 2 and the test temperature is strictly controlled of 20 °C, the
specific experimental methods could see literature Gao et al. (2016).

4 Test Results

4.1 The SWCC Test Results

The results of the SWCC test are shown in Fig. 3. It can be seen from Fig. 3 that the
air-entry value of the residual soil is about 50 kPa and the residual suction value is

Fig. 1. Pressure plate apparatus Fig. 2. Vapor balance container.
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about 3500 kPa, which is obviously higher than that of the completely weathered soil
which is 4 kPa for the air-entry value and 900 kPa for the residual suction value. In the
transition zone of the SWCC, the gradient of this two soil samples basically changes in
a straight line, and the slope kc is greater than kr indicates that the completely
weathered soil has a faster dehumidification rate; The saturation of the two soil samples
is lower after the suction is greater than 1 MPa, and the saturation is virtually nil when
the suction reaches 368 MPa, but the residual saturation of the residual soil is still
higher than that of the completely weathered soil.

4.2 The Direct Shear Test Results

Figure 4 shows the relationship between shear strength and vertical pressure of residual
soil and completely weathered soil under different saturation conditions. The results
show that the shear strength increases with the vertical pressure under the same satu-
ration condition which reaches the maximum when Sr = 40%. Under the same satu-
ration condition, the shear strength in the residual soil is obviously higher than that of
the completely weathered soil, which is consistent with the field investigation results of
that the sliding surface is in the completely weathered zone.

Fig. 3. The SWCCs of residual soil and completely weathered soil

Fig. 4. Relationship between shear stress and vertical pressure under different saturation
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Figure 5 is the cohesive force c and the internal friction angle u of the residual soil
and the completely weathered soil with different saturation. The cohesive force of two
kinds of soil has a distinct change under the influence of different degree of saturation,
the cohesive force reaches the peak when Sr = 40%. The cohesive force shows a
downward trend and the reduction rate of the residual soil was larger than that of the
completely weathered soil (Fig. 5) as Sr > 40%. At the same time, the internal friction
angles of the both soil are less affected by the saturation degree which only fluctuate
between 26° and 30° under different saturation. However, the internal friction angle
still appears a less obvious peak value near Sr = 40%. This phenomenon shows that the
cohesion force c is more sensitive to the change of saturation, and it can be seen that
under the same saturation condition, the cohesive force of the residual soil is obviously
larger than that of the completely weathered soil and the friction angle is very small or
even no difference.

5 Analysis and Discussion

The experimental results show that the cohesion force of the weathered granite soils is
greatly affected by saturation, and the degree of saturation has less impact on the
internal friction angle. The change of soil saturation is only a macroscopic represen-
tation, the change of microstructure and properties of soil are the direct reason leading
to the change of shear strength. In the following, we analyze the influence of saturation
on shear strength from matrix suction and cementation.

5.1 Effect of Matrix Suction on Shear Strength

Zhou and Fredlund (2011) has carried out a comparative analysis of the existing
formulas for unsaturated strength, the results show that both the determination of model
parameters or strength prediction and many other aspects are empirical and phe-
nomenological, the most notable of which is in the high suction section over high
estimated shear strength. Zhou et al. (2016) and Konrad and Lebeau (2015) use the-
oretical considerations and experimental observations to partition the water retention
function into capillary and adsorptive parts. Since the thin film of adsorbed water

Fig. 5. Relationship between shear strength index and saturation
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should not cause effective stress, the effective stress parameters are only related to the
capillary component of water holding capacity. The model explains well the peak
intensity of weathered granite soil, in which only the degree of saturation based on
capillary water contributes to the variation of shear strength with suction. The resulting
parametric model can be written in a manner that highlights the mechanisms (capillarity
and adsorption) of water holding capacity (Zhou et al. 2016):

Sr ¼ Scapr þ Sadsr ð2Þ

The shear strength can be expressed as follows:

s ¼ r� ua þ ua � uwð ÞScapr

� �
tanuþ c ð3Þ

Among them, Sr is the degree of saturation, Scapr the capillary component of degree
of saturation, and Sadsr the adsorptive component of degree of saturation. s the shear
strength, r the apparent contact stress, ua the air pressure, uw the liquid pressure, u the
friction, c the inherent cohesion.

As the Fig. 6a shows that liquid saturation is separated into the adsorptive part
ðSr;aÞ and the capillary part ðSr;cÞ, and only the capillary part contributes to the vari-
ation of shear strength with suction, the value of the capillary stress increases with the
increase of the degree of saturation first and then decreases as shown in Fig. 6b
(Konrad and Lebeau 2015). So when the capillary stress increases that the water and air
in the soil are connected, the reaction force of the surface tension on the shrinkage film
of the water-gas interface causes pressure on the soil particles, and the cohesive force of
soil is enhanced in macro performance. If the saturation of soil sample is reduced to a
certain value or increased to near saturation, the capillary action will disappear which
can cause the cohesion to decrease. There is a critical value in the contribution of
matrix suction against shear strength, it’s the shear strength and cohesion force of
Sr = 40%–60% are peaked in the experimental results.
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Fig. 6. Features of capillary-based model for typical soil: (a) water retention function and
resulting effective stress parameter; (b) capillary stress as function of saturation; (c) shear stress as
function of suction value.
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5.2 Effect of Cementation on the SWCC and Shear Strength

In order to investigate the effect of cementation on the SWCC and shear strength, we
carried out the SEM as shown in Fig. 7. According to the results of the SEM, the
mineral crystals in residual soil have been completely transformed into fine clay
granules, some of which have been formed into larger soil, the small pores between the
grains are ubiquitous, and the cohesive floc of granules is more, which shows that this
sample has strong bond strength (Fig. 7a and c); there are obvious large pores and
fissures in the crystals, while the directional flake residues are common (Fig. 7b and d)
and have higher compressibility.

There are more iron oxides and alumina in this two soils, the free ferric oxide and
alumina act as cementation to bind the soil particles together in order to form larger
aggregates, which enhances the bond strength of soil particles. The residual soil con-
tains higher free ferric oxide than the completely weathered soil, which makes the
interior form more agglomeration structure. Those are containing more small pores
inside the aggregates. At the same time, these factors, larger particle specific surface
area, higher clay content and finer particle gradation, make the residual soil has better
water holding capacity and shear strength than the completely weathered soil. In
addition, there are more ions adsorbed on the surface of soil particles in residual soil
which will occur ions hydration adsorption under high suction, there is an important
reason for the higher water holding capacity of the residual soil, and it also strengthens
the adsorption bonding between the clay particles. On the other hand, the cementation
is sensitive to the saturation of the soil sample. When the saturation reaches a certain
value, the water formed Sol colloid with the free iron oxide particles and fill in the
pores between the particles, formed cementation with the clay minerals at last, which
cause the normal cohesive force c of the soil. It represents a significant increase in the
shear strength of physical and chemical forces such as Van der Waals force. The soil
moisture content (saturation) is the key factor that determines the cementation, the soil
will not form Sol colloid and granular colloid under the condition of low water content,
and the excessive water content will lead to the increase of the film thickness, nor will it
form a structure. The results show that when the saturation is between 40% to 60%, the
cementation is the strongest and the greatest contributor to shear strength of soil.

Fig. 7. SEM morphology of residual soil and completely weathered soil: a. residual soil (�100)
b. completely weathered (�100) c. residual soil (�2000) d. completely weathered (�2000)
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6 Conclusions

Based on the comparison of physical and mechanical properties of soil in the residual
soil zone and completely weather zone of granite, as well as the analysis and discussion
of the results of the SWCC and direct shear test, we get the following conclusions:

The residual soil has higher water holding capacity than the completely weathered
soil, such as the air-entry value and residual suction value; Only the degree of satu-
ration based on capillary water contributes to the variation of shear strength with
suction, so there is a non-linear relationship between the shear strength and saturation,
as the “optimal saturation” of a saturation between 40% to 60% makes the shear
strength reach the peak strength.

The composition of mineral composition and grain size gradation affect the
microstructure of soil, especially the effect of oxide cements on soil structure and pore
size distribution, which directly changes the soil water holding capacity and resistance
shear strength.
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Abstract. Previous research has not analysed the strength and deformation of
unsaturated fine-grained tailings soil under variable moisture content. This paper
discusses individual tests for the compressibility, direct shear strength and tri-
axial strength of fine-grained tailings soil, under those variable moisture content.
The experimental results showed that: (1) With an increase in specimen moisture
content, resistance to vertical deformation gradually declined and reached a
minimum at saturation; (2) The cohesion of unsaturated fine-grained tailings soil
tended to decrease with an increase of moisture content, and had an obvious
peak. The angle of internal friction decreased as moisture content increased,
exhibiting an approximately inverse linear relationship; (3) Moisture content
exhibited a very obvious effect on the stress and strain characteristics of
unsaturated fine-grained tailings soil. Under the same confining pressure, as
moisture content increased, the axial stress which was applied on the specimen
declined, and its ultimate strength was also reduced. As moisture content
declined, the specimen damage type changed from strain hardening to strain
softening. With an increase of moisture content, the volumetric strain of the
specimens initially increased then decreased. Presumably, the volumetric strain
should peak when the moisture content reaches an optimum level.

Keywords: Deformation � Experimental study � Moisture content
Strength � Unsaturated fine-grained tailings soil

1 Introduction

Tailings are mine waste, including fine-grained sand or silt mining waste material
remaining after more valuable ore has been concentrated. The tailings dam is an
integral part of the tailings pond, is a special type of hydraulic construction, its stability
determines the safety of the mine or not (Fan et al. 2011). A typical tailings dam would
normally be in operation for a number of years to decades. During such a long period of
time, the moisture content of the dam body is constantly changing, such as the increase
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of moisture content caused by rainfall and the decrease of moisture content caused by
natural evaporation.

Yin et al. (2007) studied the tailings of the Diqing Mine Company, Yunnan Pro-
vince, P. R. China; the results of their tests of three tailing sands showed that the
compressibility and percolation of tailings are closely related to the diameter and void
ratio of tailing sands. Wu et al. (2009) conducted a series of consolidation tests on
saturated fine tailings in a study related to tailing dam construction with fine tailings in
a copper mine in East China, and analyzed the evolutionary process of the degree of
consolidation under the influence of deadweight and time factors, and the relationship
of the degree of consolidation with the granulometric composition and sub-layer
thickness. Qiao et al. (2015) performed a series of tests to determine the distribution of
particle-size, mechanical properties and permeability of tailings in different positions
on a depositional beach face, and analyzed the influence of the content of fine particles
(diameter < 0.075 mm) on the engineering properties of tailing.

Wickland et al. (2010) argued that mixing waste rock and tailings can produce
dense deposits with values of hydraulic conductivity that are orders of magnitude lower
than those of waste rock alone, thereby limiting fluxes through the waste and lowering
the associated potential for acid rock drainage. Jeeravipoolvarn et al. (2009) studied the
mechanical properties of oil sands tailings, and found that fine-grained tailings should
be more than 30% under the weight of variables, and the formation of effective stress is
very small; however, the mixture formed could have a larger effective stress. Dimitrova
and Yanfu (2011) studied the effects of moisture content, effective stress and consol-
idation time on the undrained shear strength of a sedimentary mine tailing ore deposit.
Pi et al. (2012) analyzed the nature of silty sand tailings, and conducted a laboratory
test related to particle content, physical property tests, a triaxial compression test and
particle flow numerical test, then studied the physical and mechanical properties of
tailings using different fines content and confining pressure.

Qin et al. (2004) analyzed the details related to the stress-strain relationship,
strength and particle breakage properties of coarse aggregates under high and low
confining pressures, and studied the influence of the content of mudstone on the
strength behavior of rock fill. Deng et al. (2011) attained shear strength parameters
based on an experimental study of tailings material from the Bai Zhi Shan mine, and
determined how rules of shear strength change under different conditions such as grain
size, vertical pressure, drain state and state of consolidation.

Wijewickreme et al. (2005) found that the loop resistance ratio of clay tailings
increased with the initial effective confining pressure topdressing when using a circular
direct shear test, and also found the cyclic resistance ratio of gold, copper, zinc mine
tailings had no relationship with the changes in the initial effective confining pressure.
Zhang et al. (2010) made a thorough analysis of tailings properties and the laws related
to changing condition, and also investigated the law of distribution and changes of
physical-mechanical characteristics and how they varied over time in the Lixi tailings
fill dam of the Hua County, Shanxi Province, China. Geremew and Yanful (2012)
carried out a number of cyclic triaxial tests on mine tailings and natural sediment
specimens under undrained conditions to investigate their resistance to cyclical loading;
they observed that axial strain and excess pore water pressure increased with the
number of loading cycles while the effective stress decreased with an increasing
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number of loading cycles. Zhang (2012) carried out a number of dynamic property tests
of saturated tailing using sand, and analyzed the dynamic deformation and dynamic
strength properties of saturated tailing in sand under a dynamic load using dynamic
triaxial research under the condition of undrained saturation. His study analyzed the
rules controlling the development and change in dynamic pore water pressure of sat-
urated tailing in sand under the dynamic load.

Wang et al. (2006) prepared and compacted a sand-clay mixture containing 40%
fines with optimum moisture content, and conducted a series of unconventional drained
compression tests. These tests showed that sand-clay mixtures showed a highly
over-consolidated behavior and the Mohr-Coulomb failure envelope was nonlinear. In
addition, the angle of internal friction decreased while the elastic modulus increased
with an increase in the confining pressure.

However, little existing literature addresses how changes in moisture content of
unsaturated tailing affect the strength and deformation characteristics of fine-grained
tailings. Therefore, research related to unsaturated fine-grained tailings under different
moisture content, soil strength and deformation characteristics has practical engineering
significance.

2 Test Methods

The tailings soil chosen for the test was from iron ore tailings in Nanjing, Jiangsu
Province, China. These tailings became uniform and brown after drying initially, then
the soil got dark brown gradually as the moisture content increased. Tables 1 and 2
describe the particle composition and physical properties of the fine-grained tailings
soil tested here, respectively.

Compression, direct shear and triaxial tests of unsaturated soil fine-grained tailings
were employed. A study of the strength and deformation characteristics of unsaturated
fine-grained tailings soil under different moisture content was conducted. The experi-
mental design used specific moisture contents of 2.9% (moisture content of naturally
air-dried soil), 5%, 10%, 15%, 20%, 25%, and 27.3% (saturated moisture content).

Table 1. Characteristics of soil particles of fine-grained tailings

The percentage (%) of variously sized particles (mm) in tailings Characteristic
value

2–0.5 0.5–0.25 0.25–0.075 0.075–0.005 <0.005 Cu Cc

5.01 20.49 22.08 51.19 1.23 10.77 0.24

Table 2. Physical properties of fine-grained tailings soil

Gs qdmax=g:cm
�3 wopt=% wP=% wL=% IP=%

3.22 1.7 15 11.3 24.2 12.9
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2.1 Compression Tests of Unsaturated Fine-Grained Tailings Soil

Vertical pressure loads of 25, 100, 200, 400, 800, 1600, and 3200 kPa were employed
in the compression tests. After each test the vertical deformation with slowly increasing
pressure was recorded; then, the next level of loading was applied after checking for
load stability. The stability criterion was consolidation for 24 h under the load at each
level.

2.2 Direct Shear Tests of Unsaturated Fine-Grained Tailings Soil

Four specimens of designed moisture content were individually loaded into a direct
shear apparatus and respectively applied with vertical pressures of 50, 100, 150 and
200 kPa. After applying the vertical pressure, shearing was performed immediately at a
shear rate of 1.0 mm/min, and the shearing was ended when shearing deformation
reached 4 mm. These series of tests are not suction-controlled tests.

2.3 Triaxial Text of Unsaturated Fine-Grained Tailings Soil

A triaxial test apparatus employed an unsaturated soil triaxial apparatus created by
Dalian University of Technology (Shao et al. 2015). The method employed a con-
solidation drained (CD) shear test, using various levels of soil moisture content with
various design specimens; the confining pressure was 100, 200, and 300 kPa under
load, the control of the load rate was 0.006 mm/min, and the shear and axial strain
reaches 20%.

3 Test Results and Analysis

3.1 Compressibility Test Results and Analysis

Figure 1 shows the unsaturated compressibility of fine-grained tailings soil test results.
Figure 1 shows that the vertical strain of specimens increases gradually with the

increase of moisture content under the same vertical stress, and the vertical strain at
saturation is the largest (Fig. 1). That is, with an increase in specimen moisture content,
the resistance to vertical deformation in the specimen was gradually reduced.

0

500

1000

1500

2000

2500

3000

3500

0.0 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1.0

 15.0%

 Vertical strain 

V
er

tic
al

 st
re

ss 
/k

Pa

 5.0%

 10.0%

 25.0%

 27.3%

 20.0%

Fig. 1. Experimental results of compression tests measuring vertical strain and stress under
different moisture content

176 J. Dong and G. Zheng



The matric suction in soils with in an unsaturated state contributed to the strength of the
soil; the resistance of unsaturated fine-grained tailings soil to vertical deformation was
stronger than for soil in a saturated state as it related to vertical deformation. An
increase in moisture content caused the matric suction in unsaturated fine-grained
tailings soil to gradually decline; that is, the strength of the specimen declined with
increased moisture content and the ability to resist vertical deformation also will be
weakened.

3.2 Direct Shear Test Results and Analysis

Figure 2 show the results of direct shear tests for unsaturated fine-grained tailings soil.

The angle of internal friction (/) decreases with an increase in moisture content.
The internal friction angle is an important parameter that affects the relationship
between moisture content and cohesion. The internal friction angle of soil reflects the
frictional characteristics of soil and consists of two parts: the surface friction of soil
particles, the occlusal force caused by intercalating and interlocking of particles.

The influence of moisture content on the cohesion of unsaturated fine tailings soil can
be divided into three stages. The first stage occurred when the moisture content is low
(w < 10%), the cohesion increase with an increase in moisture content. During second
stage, when the moisture content increased (10% < w < 20%), the cohesion decreased
with an increase in moisture content and when the moisture content reached 20%, the
cohesion decreased to zero. The third stage occurred when w > 20%; here, the cohesion
was always 0 and did not changed with an increase in moisture content. Generally, the
cohesion of unsaturated fine tailings soil showed a trend of initially increasing and then
decreasing with an increase in moisture content, and has an obvious peak.

This analysis of the change in the cohesion of unsaturated fine-grained tailings soil
with a change in moisture content shows that the cohesion of fine tailings soil was
mainly generated by capillary action. That is, the surface tension on the gas-water
shrinkage film interface generated the cohesion. When this capillary action force has an
effect on soil particles, it produced cohesion in the soil that is caused by compressional
stress. Therefore, when the soil moisture content gradually rose within a certain range,
the surface tension on the gas-water shrinkage film interface also improved
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accordingly. This caused the role of total pressure in the soil body stress to gradually
increase so that cohesion gradually became large. When the moisture content continued
to increase, the gas in the soil was gradually surrounded by water, and formed a closed
gas system. This part of the surface tension of the gas water shrinkage film interface no
longer affected the soil directly. Therefore the cohesion created by gas and capillary
action was reduced, and with an additional increase in moisture content, soil particles
became completely surrounded by water creating a lubrication effect, which led to an
increase in cohesion as the moisture content declined. One can see that the moisture
content of unsaturated fine-grained tailings soil has a strong influence on the cohesion
(c) and the internal friction angle (/) is one of the important parameters related to shear
strength.

3.3 Triaxial Test Results and Analysis

Figures 3 and 4 show the triaxial test results for unsaturated fine-grained tailings soil.

Based on the variations in specific moisture content under different confining
pressure stress-strain curves one can see that moisture content had very obvious effects
on the stress and strain characteristics of unsaturated fine-grained tailings soil. Under
the same confining pressure, with an increase in moisture content, the axial stress which
was applied on the specimen declined at the same level of strain, and its ultimate
strength was also reduced. With the exception of the specimen with the lowest moisture

Fig. 3. Axial stress-strain curves for unsaturated fine-grained tailings soil with different moisture
content under confining pressure

Fig. 4. Volumetric-axial strain curves for unsaturated fine-grained tailings soil with different
moisture content under confining pressure
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content (2.9%), the remaining specimens exhibited a strain hardening model, and no
obvious peak was observed in the stress-strain curves. Under a confining pressure of
100 kPa, the specimen with a moisture content of 2.9% had a stress-strain curve with
an obvious peak, and matched the strain softening model. When the confining pressure
was 200 kPa and 300 kPa, the stress-strain curve of the specimen of a moisture content
of 2.9% gradually became horizontal in the absence of a significant peak. This may be
caused because a failure surface had emerged in the specimens internal composition
before the peak value of the stress-strain curve was reached. Thus, the moisture content
also had an effect by damaging the form of the specimens.

The relationship of the volumetric and axial strain curves can be divided into two
stages. In the first stage, 10% of the volumetric strain grew as the moisture content
increased. In the second stage >10% of the volumetric strain decreased with an increase
in moisture content. Next, the moisture content continued to increase, the volumetric
strain of the specimens initially increased then decreased. This may have occurred
because w = 10% was closest to the optimum moisture content, and once the optimum
moisture content was exceeded (w > 15%) the volumetric strain decreased. Presum-
ably, the volumetric strain should peak when the optimum moisture content is reached.

4 Conclusions

The moisture content is an important factor related to the strength and deformation
characteristics of fine-grained tailings soil. The specific findings related to the perfor-
mance of this type of soil follow:

(1) With an increase in moisture content of the specimen, resistance to vertical
deformation gradually declined. Resistance to compression was weakest when the
specimen was saturated.

(2) The cohesion (c) of unsaturated fine tailings soil showed a decreasing trend after
initially increasing with the moisture content rising, and had an obvious peak
value. The angle of internal friction (/) decreased with an increase in moisture
content, and had an approximate linear relationship.

(3) Moisture content had very obvious effects on the stress and strain characteristics
of unsaturated fine-grained tailings soil. Under the same confining pressure, with
an increase in moisture content, the axial stress which was applied on the spec-
imen declined at the same rate, and its ultimate strength was also reduced. With a
loss of moisture content, the specimen damage type changes from where strain
hardens the specimen to where strain softens the specimen. With an increase in
moisture content, the volumetric strain of the specimens initially increased then
decreased. Presumably, the volumetric strain should peak when optimum moisture
content is reached.
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The Effect of Suction on Shear Strength
of Silty Clay
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Abstract. The shear strength is one of the main mechanical performance
indexes of soil, which is affected by many factors, such as the types of soil, the
structure and the water saturation. The effect that soil water saturation exerts on
shear strength is caused by the changing of the matric suction. As a result, It is
important to research relationship between matric suction and the shear strength
in engineering field. Therefore, the following study presented in this article takes
silty clay as the object. In this paper, the matric suction and shear strength of soil
under different saturation conditions are measured by pressure plate extractor
and the triaxial compression apparatus, and the effect of matrix suction on the
shear strength of silty clay is explored. Also, the functional relationship between
the matric suction and shear strength of silty clay indicators that include
cohesion and internal friction angle is obtained by the method of least square.
Meanwhile, the formula of Coulomb is modified based on the above studies.
The result shows that the cohesion of silty clay increases with the increase of
matrix suction in the form of a power function, and the internal friction angle
increases with the increase of matrix suction as a logarithmic function.

Keywords: Matric suction � Shear strength � Internal friction angle
Cohesion

1 Introduction

Shear strength of silty clay, as the standard of shear resistance, is an important parameter
used in evaluating stability of embankment slopes such as canal, roadbed and earth dam.
As we all know, degree of compaction, water saturation all have an effect on the shear
strength of silty clay. Above all, water saturation plays an important role, which is a
mark that discriminates the saturated soils and unsaturated soils. Accurate calculations
for the shear strength formula has a valuable significance in practical engineering.

So far, the formulas of shear strength have been continued to be developed and
modified (Fredlund et al. 1978; Sheng et al. 2011; and Zhou et al. 2016). There are two
famous formulas being used by scholars all over the world widely (Fredlund et al.
1978; Bishop and Blight 1963). However, the two formulas all emphasize the
importance of the suction to the shear strength and it is difficult to measure the matric
suction in laboratory test, let alone to the field test. It is easy to measure the water
saturation of soil in laboratory test, so the shear strength formula about water saturation
instead of matric suction has a valuable significance in practical engineering.
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Therefore, the main objective of the research presented in this paper is to inves-
tigate the relationship between shear strength and matric suction as to modify the
traditional formula of shear strength. In this paper, the soil-water characteristic curve
test and triaxial shear test are designed as to get the matric suction and shear strength
under different water saturation conditions. Then the effect of matrix suction on the
shear strength of silty clay is explored as to obtain the functional relationship between
the matric suction and shear strength of silty clay indicators that include cohesion and
internal friction angle. Meanwhile, the formula of Coulomb is modified based on the
above studies.

2 Shear Strength of Silty Clay

The shear strength of silty clay can be described by Coulomb, given by:

sf ¼ cþ r tan u ð1Þ

Where sf is the shear strength of saturated soil, c and u are the shear strength
parameters (cohesion and internal friction angle, respectively), r is the total stress.

By the above equation, shear strength scales in proportion to total stress, the shear
strength has two part, the first part is frictional resistance (which scales in proportion to
total stress), the second part is the cohesion (which is caused by many factors,
including soil cementation and electrostatic interaction).

3 Experimental Program and Results

3.1 Physical Property of Experimental Soil

The soil from the district of the Three Gorges Dam in Yichang of Hubei, China.
Table 1 gives the physical properties of the soil.

3.2 Soil Water Characteristic Curve Test

The soil-water characteristic curve is very important for studying the physical and
mechanical characteristics of unsaturated soils. Several models that relate soil suction
and water saturation are found in the literature (Brooks and Corey 1964; Van Gen-
uchten 1980; Fredlund and Xing 1994). Above all, VG numerical model is adopted in
this paper because the VG model is suitable for all kinds of soil. This paper adopts
pressure plate extractor as the test instrument in order to obtain the suction under
different saturation. Figure 1 gives the soil sample which is put into the cutting ring.

Table 1. Physical properties of the soil.

Types Density (g/cm3) Dry density (g/cm3) Water saturation (%) PSD

Silty clay 2.07 1.68 0.274 0.003
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Figure 2 gives the simple device which is used to saturate soil and Fig. 3 shows the
equipment of soil-water characteristic curve test. Table 2 shows the experimental data
of soil-water characteristic curve test. The relationship between matric suction and
water content is notably nonlinear. Figure 4 gives the fitting curve of VG model. The
result shows that the curve of VG model fit well with the experimental data. VG
numerical model is given as follows:

Pc ¼ P0½S�1=m
e � 1�1=n ð2Þ

Where Pc is the matric suction; P0 is the air entry value; m and n are the parameters,
m = 1–1/n; Se is the effective saturation, Se ¼ Sr�Srw

1�Srw
, Sr is water saturation, Srw is the

residual staturation.

Fig. 1. The soil sample in cutting ring Fig. 2. The simple device for saturating soil

Fig. 3. Suction plate apparatus
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As shown in Fig. 4, This graph adopts the least square method by MATLAB.
When the dry density is constant, matric suction decreases with the increase of water
saturation. Fitting equation could be written as Eq. 3.

Pc ¼ �0:0262½ðSr � 0:09
1� 0:09

Þ�1=0:216 � 1�1�0:216 ð3Þ

3.3 Triaxial Shear Strength Test

When the soil is sieved by the sieve that the diameter is 0.5 mm, the sieved soil is put
into the drying box as to get the soil dried. Then the soil of different water saturation is
prepared and the water saturation include 35%, 45%, 55%, 65%, 85% and 100%. Next
the soil of different water saturation is put into a container which is sealed to make the
soil be blend well. Afterwards, the soil is put into a saturator which is made of iron by
compaction method and the saturator is lifted slowly as to separate the saturator and
moulded soil. Then the moulded soil is wrapped by rubber. The saturator’s shape is
cylindrical and the diameter is 6.12 cm, the height is 12.5 cm. Figure 5 shows the

Table 2. Relationship between water saturation and suction

Saturation Matric suction (m) Matric suction (kPa)

0.877 1.3 13
0.837 2.4 24
0.814 3.4 34
0.753 7.5 75
0.722 10.5 105
0.601 20.5 205
0.5272 35.6 356
0.4753 45.6 456

Fig. 4. A fitting curve of soil water characteristic curve test
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moulded soil and Fig. 6 shows the moulded soil which wrapped by rubber. Finally put
the shaped soil into triaxial compression apparatus to carry a series of triaxial com-
pression test under different confining pressure including 50 kPa, 100 kPa, 150 kPa,
200 kPa and 250 kPa. Triaxial shear equipment is shown as Fig. 7.

Based on the experimental data and analysis results, the shear strength envelope
curve is drawn as to get the internal friction angle and cohesion. The relationship
between cohesion and water saturation and the relationship between the internal friction
angle and water content are given in Table 3.

Figure 8 shows the relationship between cohesion and water saturation and Fig. 9
shows the relationship between internal friction angle and water saturation. As shown
in the Fig. 8, cohesion decreases with the increase of water saturation. Microscopically

Fig. 5. Moulded soil Fig. 6. Moulded soil wrapped by rubber

Fig. 7. Triaxial shear equipment
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speaking, cohesion is made up of effective cohesion and capillary cohesion. Capillary
cohesion refers to the contribution of the matric suction in shear strength. When the soil
is saturated, all the pores are occupied by water so that the soil lose the ability of
absorbing water as to lead to the decrease of the matric suction. In conclusion, only
effective cohesion provides the cohesion when the soil is saturated as to lead to
downtrend of cohesion.

As shown in the Fig. 9, internal friction angle decreases as the water saturation
increases. The objects are existed the relative movement trends under the action of
friction and rough interface which hold back the moving of objects. When the satu-
ration increase, water film is formed on the surface of soil particles as to divide the soil
particles as a function of lubrication and cause the decrease of friction angle.

Adopt the least square method by MATLAB, the relationship between cohesion,
internal friction angle and the saturation can be given as Eqs. 4 and 5. Coefficient
correlation are 0.99 and 0.97 respectively.

c ¼ 101:84e�1:94Sr ; R2 ¼ 0:99 ð4Þ

u ¼ �19:16S2r � 16:74Sr þ 40:68; R2 ¼ 0:97 ð5Þ

Table 3. Relationship between saturation and cohesion, internal friction angle

Saturation Cohesion (kPa) Internal friction angle (o)

0.35 81.36 25.81
0.45 69.24 25.21
0.55 54.94 22.55
0.65 35.24 15.56
0.85 17.78 8.27
1 15.27 7.85

Fig. 8. The relationship between cohesion
and water saturation

Fig. 9. The relationship between internal fric-
tion angle and water saturation
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Where c is the cohesion, Sr is the water saturation, u is the internal friction angle.
The cohesion grows exponentially with the increase of water saturation and internal
friction angle has a cubic function to the water saturation. The Eqs. 4 and 5 could
describe the experimental data better.

4 Result and Discussion

4.1 Shear Strength and Matric Suction

Based on the above research, the relationship between shear strength and matric suction
is obtained by the soil-water characteristic curve test and triaxial shear test.
Figure 10 shows the relationship between cohesion and matric suction and Fig. 11
shows the relationship between internal friction angle and matric suction.

As shown in Figs. 10 and 11, fitting curve has a high goodness fit with experi-
mental data. The functional relationship is obtained by the least square method. The
result shows that the cohesion of silty clay increases with the increase of matrix suction
in the form of a power function, and the internal friction angle increases with the
increase of matrix suction as a logarithmic function. The equations are shown as
follows:

c ¼ 10:67P0:20
c ; R2 ¼ 0:99 ð6Þ

u ¼ 4:69 lnPc � 2:11; R2 ¼ 0:97 ð7Þ

Fig. 10. The relationship between cohe-
sion and matric suction

Fig. 11. The relationship between internal
friction angle and matric suction
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4.2 Modified Shear Strength Formula

It is difficult to ensure the shear strength of the soil in practical engineering. And it is
difficult to measure the matric suction. If the shear strength is established by water
saturation instead of matric suction, the shear strength considered water saturation
could be applied in practical engineering. The modified shear strength formula which
considered water saturation is shown as follows:

sf ¼ 101:84e�1:94Sr þ r tan(19:16S2r � 16:74Sr þ 40:68Þ ð8Þ

Where sf is the shear strength, Sr is the water saturation, r is the total stress.
In order to analyze the relationship between shear strength and matric suction, the

formula of shear strength could be expressed as Eq. 9:

sf ¼ 10:67P0:2
c þ r tan(4:69 lnPc � 2:11Þ ð9Þ

Where sf is the shear strength, Pc is the matric suction, r is the total stress.

5 Conclusion

In order to explain and quality the effect of slope stability on natural rainfall infiltration,
an shear strength model from silty clay which considered water saturation needs to be
developed. In this study, Laboratory tests on soil water characteristic curve and triaxial
strength are performed as to get the shear strength and matric suction under different
water saturation. The least square method is adopted in order to get the fitting curve
between shear strength and water saturation and the fitting curve between matric
suction and water saturation. So that the formula of shear strength is modified. Main
conclusions are shown as follows:

(1) The soil water characteristic curve test shows that, when the dry density is con-
stant, matric suction decreases with the increase of water saturation. The exper-
imental data fit well with the VG model.

(2) Triaxial shear test shows that, when the dry density is constant, the cohesion
grows exponentially with increase of water saturation and internal friction angle
has a cubic function to the water saturation. The fitting equation could describe the
relationship between shear strength and water content better.

(3) The relationship between parameters of shear strength and water saturation is
further analyzed. Cohesion increases at a power function with the increase of
matric suction, internal friction angle increases at a logarithmic function with the
increase of matric suction.
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Abstract. The pressure variation of cement grout is an important issue when it
is used to eliminate the standard for grouting at the ending of grouting. To better
understand the effects of grouting parameters on the pressure variations con-
sidering filtration, a series of laboratory tests were carried out under the con-
dition of different grouting flowrates, water/cement ratios and mass fractal
dimensions. After a grouting flowrate was performed on sand samples, the
pressures in each measurement point were monitored by transducers. The
experimental results show that: (1) the grouting pressure presents a nonlinear
decreasing law with the increase of the distance from the grouting hole, whereas
the grouting pressure at the same measuring point gradually increases with time
or increases firstly and then decreases; (2) too large grouting flow or too small
grouting flow is unfavorable to the diffusion of grout; (3) the grouting pressure
decreases as the mass fractal dimension increases.

Keywords: Grouting pressure � Micro-mechanism � Filtration
Fractal dimension

1 Introduction

As known, the grouting is an effective method for improving the soils stabilization
without disturbing the original soil structure. The cement-based grout has been widely
used in civil engineering applications [1]. However, due to the concealment nature of
the grouting engineering, the effect of grouting treatment cannot be directly visualized,
and the standard for grouting at ending cannot be directly obtained. In engineering
practice, the variation rule of diffusion pressure can be used as the standard to judge the
distribution of slurry and whether or not the end of the grouting. For this reason, some
researchers have carried out some research on diffusion pressure. For example, Yang
et al. [2] deduced a formula for calculating the diffusion radius of power-law and
Bingham based on generalized Darcy’s law and the theory for spherical diffusion
model, and analyzed the influence of slurry properties on diffusion pressure and
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diffusion radius. Zou et al. [3] and Kelessidis et al. [4] studied on the distribution of
pressure attenuation along the diffusion radius of slurry.

Previous studies have mainly focused on the change in the characteristics of the
slurry, without considering the change of pore structure caused by the change char-
acteristics of the slurry. As a matter of fact, during penetration into the porous media,
grouting could be stopped due to building a stable arch caused by cement grains. This
process, defined as the filtration of grout, has been studied by Widmann [5]. The
filtration process results in a reduction of the ability of the grout to flow the porous
media and then makes the rule of the diffusion pressure become unambiguous.
Therefore, it is of great significance to explore the micro-mechanism for the pressure
variation of grout in porous media based on filtration.

This paper presents a laboratory study devoted to investigate the effect of grouting
parameters including different grouting flowrates, water/cement ratios, as well as fractal
dimensions on the grouting pressure during the grouting process. In order to accom-
plish the purpose, a serial of column transport experiments were conducted on fractal
characteristics’ sand with different parameters during the injection process. By using a
series of transduces, the variation of pressure at the different point/time was investi-
gated under constant flow condition.

2 Materials and Methods

2.1 Materials

2.1.1 Particle-Size Distributions by Fractal Dimension
Fractal theory is well suited to describe particle size distribution on soil structure, and it
has been widely used in many fields. A lot of studies showed that the mass fractal
dimension of soil particles is one of the inherent properties of soil, as well as the
particle size distribution of the soils could be described with a mass-based relationship
by correlating the measured mass with the sieve diameter. The fractal theory can be
expressed by [6]:

Mðd\diÞ
MT

¼ di
dmax

� �3�Dm

ð1Þ

where di is the average diameter of the i particle size, dmax is the diameter of the
maximum particle of the sample, Mðd\diÞ is the cumulative mass of the soil particles
with size d smaller than di, MT is the total mass of the sample of sand, Dm is the fractal
dimension of particle size distribution of soils, 3� Dm can be obtained by the slope of
the fitted line on a log (Mðd\diÞ=MT ) against log (di=dmax) graph.

2.1.2 Materials Preparation and Properties
In this study, sand with particle sizes ranging from 0.05 mm to 1.2 mm was collected
from the south of Changsha, Hunan province of China. Considering the demands in the
test, the sand was firstly put through a series of grade sieves to get sandpiles with
specific particle sizes, i.e., 0.05 mm, 0.15 mm, 0.2 mm, 0.4 mm, 0.6 mm and 1.2 mm,
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respectively. After that, five sand samples with mass fractal dimensions (Dm) of 1.5,
1.7, 1.9, 2.1 and 2.3 were further prepare. The percent contents by weight of particles
for the experiment were determined according to Eq. (1) and listed in Table 1 [7].

2.2 Experimental Procedures

2.2.1 Apparatus
The diffusion of cement-based tests were carried out by a homemade diffusion test
device, as shown in Fig. 1. The device consists of a grout container and a diffusion
system: (1) The grout container is composed of a pneumatic agitator, a pressure reg-
ulator, a safety valve, flow regulator, flowmeter, lock rings, a steel barrel and some
valves. The volume of the steel barrel is 80 L and the maximum pressure in the steel
drum is less than 1 MPa. The pressure in the barrel can be controlled by adjusting the
flow regulator. Besides, in order to improve the experimental precision in the grouting
process, the slurry is stirred by the pneumatic agitator to keep the uniformity of

Table 1. Particle size proportion in sand samples

Sample No. Particle size proportion % Density Dm

0.05 mm 0.15 mm 0.2 mm 0.4 mm 0.6 mm 1.2 mm P g/cm3

S-1 5.4 15.1 20.6 25.4 21.6 11.9 18.19 2.3
S-2 3.5 8.0 16.6 28.4 18.6 24.9 18.16 2.1
S-3 2.8 7.8 14.3 16.4 23.6 35.1 17.50 1.9
S-4 1.9 3.6 9.6 15.4 29 40.5 17.40 1.7
S-5 1.2 1.3 8.6 14.4 28 46.5 17.10 1.5
S-6 0 0 0 0 0 100 18.09 *

Fig. 1. Diagram of the experimental set up
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the slurry. (2) The diffusion system consists of a stainless steel pipe with a length of
1800 mm and an internal diameter of 80 mm and six transduces installed on the steel
pipe in the form of every 30 cm from the inlet to the outlet of stainless steel.

2.2.2 Test Procedures
The test procedures included several steps: (1) the cement slurry was produced
according to the design of water/cement ratio, and was filled in the grouting container
from the inlet; (2) the column was packed in 5 cm increments by pouring the sand into
the column, mixed with deionized water (saturated condition) to avoid trapping air
bubbles; (3) Pressing the switch of the (pressure system), opening the valve 1, valve 4,
valve 5 and valve 6, and then adjusting the flow regulator until the reading of flow
meter reached the design value. After that, the cement slurry was injected into the
porous media at a constant flow; (4) the pressure variation were measured by the
pressure transduces, and then the effects of grouting parameters, e.g., grouting flowrate,
water/cement ratios and mass fractal dimension, on the pressure variations considering
filtration were obtained.

3 Description of Filtration Mechanism

As the grouting proceeds, cement particles are captured or accumulated in the porous
media, leading to the progressive formation of a plug. Subsequently, the accumulation
continues and the plug grows, and then a complete plug has formed. The consequence
is a possible blockage of the pores of porous media and a reduction in the porosity of
the media. What is more, the plug starts near the injection point and stops the flow [8].
Above behavior has a great influence on the change of diffusion pressure due to the
variation of pore structure in porous media.

Figure 2 shows the variation of the pressures P0, P1, P2, P3, P4, P5, and P6 during
grouting in the cases without filtration and with filtration when the cement particles
were filtered under the constant flow. In the case without filtration, all pressures
increase with as time. In the case with filtration, only the pressure P0 increases as time,
while the other pressures P1, P2, P3, P4, P5, and P6 firstly increase and subsequently

Fig. 2. The characteristic of pressure during grouting in cases without filtration (a) and with
filtration (b)
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decrease with time. At the beginning of the grout, the porous media has a relatively
large penetration. The pressure at each measured point gradually increases due to the
diffusion of slurry. With the continuous injection of grout, the cement particles are
filtered and agglomerated in the sand pores, leading to the progressive formation of an
impermeable cake. Subsequent filtration results in the increasing deposition of cement
particles on the surface of the cake. Consequently, a possible block of the access pores
and a reduced penetration of the grout results in that the pressures of the test points in
front of the plug continue to increase under constant flow condition and the pressures of
the test points behind the plug decrease sharply until it becomes zero.

4 Results and Discussion

The variation curves of diffusion pressure with the distance are plotted in Fig. 3. It can
be seen that, on the whole, the diffusion pressure decreases with the increase of dis-
tance. Specifically, in the initial stage of grouting, the variation of diffusion pressure
with the distance presents approximately convex decreasing law. After about 30 s, it
decreases concavely with the increase of distance. Especially, in the later period of
grouting (50 s), the diffusion pressure is sharply decreased in the 0.3–0.9 m, and it
drops to zero at about 1.2 m.

Generally, at the grouting begin, because the distance from diffusion pressure
source is near and the resistance of the slurry in the diffusion process is smaller due to
the porosity of the porous media is larger, which causes the diffusion pressure changes
slowly with the diffusion distance between 0.2 m and 0.9 m. As far away from the
grouting source, due to the pressure front in the slurry diffusion is smaller than that in
the initial stage and the viscous force between the soil and rock particles, the diffusion
pressure decreases rapidly with the increase of diffusion distance.

Figure 4 shows the variation curves of diffusion pressure at each measuring point
with the grouting time. It can be seen that the diffusion pressure at 0/3 m (P0/P1)
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gradually increases, whereas the diffusion pressure at 0.6–1.8 m (P2, P3, P4, P5, and P6)
increase firstly and then decreasing with time until it drops to zero. The reason is that,
when the grouting begins, plug-building can start due to the cement particles stick the
skeleton of porous media, leading to a decrease of porosity of porous media. According
to the literature [9], in the case of constant flow, with the decrease of porosity, the
starting pressure gradient increases slowly firstly; below a certain value, the starting
pressure gradient increases rapidly, so the diffusion pressure increases; with the con-
tinuous injection of slurry, a complete plug has formed, the pressures of the test points
in front of the plug continue to increase under constant flow and the pressures of the
test points behind the plug decreases sharply until it becomes zero.

The relationship of the diffusion pressure versus distance is shown in Fig. 5. The
results show that, the diffusion pressure of slurry in the media with higher fractal
dimension sharply decreases with the increase of distance, and drops to zero at 0.6 m.
However, that in the media with lower fractal dimension decreases slowly with the
increase of distance; until the end of grouting, the diffusion pressure at 1.8 m is still
0.15 MPa.

According to formula (1) and the literature [10], if the fractal observing scale is
unvaried, the contents of fine particle increases and the proportion of fine pore increases
with the increase of mass fractal dimension, leading to a reduction in the porosity.
Therefore, the particles of cement-based are trapped by the relatively dense skeleton of
the higher mass fractal dimension easily, which makes a block of the access pores and a
reduced penetration of the grout. Once a complete plug has formed, the pressures of the
test points in front of the plug continue to increase under constant flow condition and
that behind the plug decrease sharply until it becomes zero.

Figure 6 presents the variation of diffusion pressure with grouting distance under
the different grouting flowrates. It can be seen that, when the grouting flow rate is 1.0
L/min, the diffusion pressure reaches zero at 0.9 m, i.e., the diffuse stoppage of the
grout occurs; the diffusion pressure becomes zero at 1.2 m when the grouting flow rate
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is 1.2 L/min; when the grouting flow continues to increase, the diffusion pressure is still
above zero until the test points at 1.8 m; however, when the grouting flow increases
further (Q = 2.8 L/min), the diffusion pressure drops rapidly and it goes to zero at
0.3 m. The results indicate that too large grouting flow or too small grouting flow is
unfavorable to the diffusion of grout. This is can be interpreted that at low grouting
flow rate, the cement-based particles are prone to precipitation and be captured by
skeleton easily owing to the low flow velocity, which easily leads to the decrease of
porosity and velocity in the media and then makes the cement-based particles can be
captured by skeleton. As a comparison, for the case of the high grouting flow rate, due
to the increase in the amount of particles within the same cross-section in unit time,
cement particles are filtered and agglomerate in the sand pores, leading to the pro-
gressive formation of an impermeable cake. The consequence is a block of the access
pores and a reduced penetration of the grout, which causes the diffusion pressure drops
rapidly and it goes to zero at a short distance from the grouting role.

5 Conclusions

To study the effects of grouting parameters on the pressure variations considering
filtration, a series of laboratory tests were carried out to investigate the response of the
fractal characteristics of sand in column. Based on the experimental results, the specific
findings are highlighted as follows.

The filtration has a great influence on the diffusion pressure. Under constant flow
condition, in the case without filtration, all pressures always increase with time. In the
case with filtration, the pressure P0 increases with time, while the pressures P1, P2, P3,
P4, P5, and P6 increase firstly and then decrease.

The mass fractal dimension of porous media also controls the diffusion pressure
during the injecting process. The diffusion pressure of slurry decreases sharply with the
increase of distance from the grouting hole under the higher fractal dimension. How-
ever, the diffusion pressure of slurry decreases slowly with the increase of distance
from the grouting hole under lower fractal dimension.
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Abstract. To avoid the floods in urban pavement system, the use of permeable
pavement is increasingly considered as an effective way to optimize the existing
sealed pavement. Porous Asphalt (PA) has constituted the permeable pavement
infrastructure for years, which can realize the fast infiltration and precipitation of
surface water through layers. But the poor durability is the main obstacle inhibits
the application of conventional PA. The substitution of the innovative Poly-
urethane binder can perform excellent mechanical property as well as the per-
meability. Apart from it, the filtration property is found effectively to reduce the
quantity of particulate matter (PM) flooded by the rainfall. In this study, the
filtration and clogging behavior of PU-bonded pavement under different con-
centration gradient of PM are quantified. Both filtration property and hydraulic
conductivity are predicted by numerical modelling and adopted as comparative
indexes. Results indicate that PU-Bonded permeable pavement has significant
hydraulic conductivity and the effective absorptive-filtration performance for the
contaminant of flow. The numerical modelling can well conduct the prediction
of filtration and clogging performance of permeable pavement.

Keywords: Filtration � Porous Asphalt � Permeable pavement
Hydraulic conductivity � Porosity � Polyurethane

1 Introduction

1.1 Permeable Pavement

Conventional pavements are designed to be sealed to avoid moisture penetrating into
the pavement structure and causing damage to it. However, with the rapid expansion of
sealed area constructed by urban development and industrial activity, the natural
retention capacity experiences a significant decrease. To recover the natural hydro-
logical cycle and relief the urban flood risk, Permeable Asphalt Pavement (PAP) as a
Low Impact Development (LID) facility is implemented by directly allowing the
rainwater seeping through the pavement surface. By hydraulic restoration and
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constituent load reduction, the in-situ management of storm water can be achieved [1].
In case of rain event, water can quickly infiltrate through the pavement structure into
subsoil, which consequently reduces the pressure of urban drainage and recharges the
water supply of natural cycle. Furthermore, PAP was also proved with high capacity of
tire noises absorption and advantages for driving safety [2].

1.2 Pavement Runoff and Filtration Property

Pavement runoff has long been recognized as a main source of pollution by washing
out large amount of pollutants from urban areas and carrying them with water flow [3].
According to the report, urban runoff attributes to 46% surface water pollution, and the
infiltration of pollutants may cause the contamination in the subsoil water [4].
Therefore, the assessment and control of quantity and quality of urban runoff perme-
ating into the subgrade is vital to the ecological environment of road sections. Based on
the aim of achieving high hydraulic conductivity, the PAP is designed with different
level of porosity which constitutes the pavement structure. Such pore characteristic
enable PAP equipping the properties of gravitational infiltration, evaporation,
absorption as well as the filtration of urban runoff [5].

From various field investigation and laboratory assessment of the penetrated water
quality, PAP presents a constant absorption capability of PM, heavy metals as well as
the nutrients under different boundary conditions [6]. With comparing to the conven-
tional pavements, a reduction of 75% heavy metal and suspended soils can be achieved
by the PAP system, lower lead and copper concentration was also found in the porous
structure of this kind of pavement [7].

Previous researches conducted to evaluate the hydraulic and filtration performance
of PAP were mainly concentrated on the analysis and description from the field tests as
well as the laboratory observation [8]. These researches are mostly based on macro-
scopic phenomenological level. The microscopic performance such as the inner water
permeation, storage and release, pollutant distribution and migration are not clear,
which cannot provide theoretical support for the understanding of the hydraulic and
filtration mechanisms. As a result, a systematic investigation of the PAP must be
carried out with multi-scales together with fully modelling processes. In which case,
the long-term performance of the PAP can be accurately simulated for determine the
varied design purpose and mitigation level [7].

To realize the fast infiltration and precipitation of surface water through layers, a
void-rich pavement structure is currently the most feasible and effective way, such as
Porous Asphalt (PA), Porous Concrete (PC) and Permeable Interlocking Concrete
Pavement (PICP) which mixed by a low content of fine aggregate to reach high void
content. Hence, PAP is often considered as a porous structure media when conducting
the simulation on the hydraulic conductivity as well as the quantitation of the rela-
tionship to the porosity [3].

As regarding to the prediction of filtration and clogging behavior in PAP system,
Albrecht theory using unviscous fluid potential flow equation and Ideal fluid equation
[9]. Kaufmann (1936) coupled Brownian movement and inertia sedimentation on fiber
filtration theory and elicited mathematical expression of filtration efficiency [10]. A new
theory describes filtering quality by coupling three mechanisms: diffusion, intercept
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and inertia was established [11]. Tien [12] proposed simulation of aerosol filtration
considering particle size and distribution mode. Recently, the numerical method
combining discrete element method based on molecular dynamics theory and simulated
the deposition track of particles on fiber was developed [13]. And the influence of
media packing density on filtration efficiency and pressure loss was analyzed. How-
ever, there are less literature was found based on the filtration and clogging modelling
in the PAP system. The construction and attempt of prediction of the filtration and
clogging behavior concerning to the urban runoff, is vital important to fully understand
the hydraulic property of PAP and optimize the design of it.

1.3 Polyurethane Bonded Permeable Asphalt Pavement (PPAP)

To achieve high permeability, a void-rich pavement structure is currently the most
feasible and effective way, such as Porous Asphalt (PA) and Porous Concrete
(PC) pavements mixed by a low content of fine aggregate to reach 10–25% void
content [8]. Apart from the high hydraulic conductivity, the porous structure can also
make contribution to the noise adsorption of the transportation system. However, the
adhesion failure and short life-span of porous mixture has been an obstacle restricting
the application of permeable pavement. In this case, innovative bound permeable
material is being developed to gain high mechanical property [14]. Polyurethane
(PU) bounded pavement initial researches shows that the combination of high func-
tionality and mechanical property can be both achieved based on the excellent physical
performance of PU. Hence, based on the manufacture and measurement of
Polyurethane-bonded Permeable Asphalt Pavement (PPAP), the present research aims
to investigate a modified model for the hydraulic conductivity as well as the filtration
and clogging mechanism. Based on the modified theoretical framework, the simulation
will be solved by finite element method (FEM). With revealing the deterioration
mechanism of the hydraulic and filtration properties, the basic law of optimizing PAP
design, construction and maintenance will be established.

2 Experimental Program

2.1 Material and Specimen Manufacture

Preparing polyurethane bounded asphalt specimens is based on a precise preparing
process as the steps build up on each other. Generally, the mixing procedure is equal to
the process of mixing hot mix asphalt, regardless of high temperatures. This is because
of the viscosity of polyurethanes which is not affected by temperatures.

In the present study, diabase aggregates and limestone filler were selected to form
the mixtures, the designed grain size distribution is presented as Fig. 1.

Regarding to the specimens of permeability test and the optimized binder ratio
obtained, the proposed proportions of aggregates (94%), the binder content (6%) and the
air voids (26%) are calculated concerning the strived bulk density. Based on the deter-
mination of a special type of grading curve (Fig. 1), all components are weighed out into
its components to fit into a plate mold. To obtain the specimens in a same characteristic of
mixture, a test plate was formed, where the test specimens were cut from.
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2.2 Void Ratio

The void system in PAP ensures the infiltration, absorption and all other proposed
properties of porous structures. Additionally, the mechanical characteristics such as
strength, stiffness and fatigue performance are also influenced by the total void content,
which is decided by the compaction process and gradation of aggregates.

To measure the total void content, conventional way is by measuring the solid
density qs and bulk density qb (2.1). Where the solid density can be calculated by
proportion and density of dried aggregates and binder respectively. And the bulk
density can be determined by dried mass of specimen Ms to the volume Vs.

et ¼ qs
qb

� 1 ð2:1Þ

However, for the void system is inner-connected and could partially access from
the outside, the conventional way of void content measuring is hard to accurately
describe void characteristic of porous material. Hence, in the present study, the
hydraulically effective void ratio eeff is applied to conduct the prediction of perme-
ability as well as the filtration and clogging behavior, which can be calculated as follow
Eq. (2.2).

eeff ¼ V � Vw

V
ð2:2Þ

Where, V was measured from total specimen’s volume, and Vw was measured from
displaced water of the immersed specimen after being placed in a steam room for 24 h.

2.3 Permeability Test

Permeability is mainly denoted as the ability of water conductivity in material or other
pore structure, which property is highly depended on the hydraulic characteristics of
the material (such as void content and the pore structure) and the viscosity of moisture.
If a high permeability was assumed, the material can quickly drain the surface moisture

Fig. 1. Grain size distribution of the PPAP specimen
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into the porous media below. The drainage performance of a material can be evaluated
by coefficient of permeability Kf which denotes the speed of given quantity of water
flowing through a porous structure area at a given hydraulic gradient.

According to the fact that Darcy’s law has been widely adopted to describe the
moisture flow distribution in asphalt mixtures as proposed by [15], the constant falling
head test was adopted to investigate the permeability performance of PU-bonded PAP
specimens. The coefficient of permeability, Kf;v, in vertical direction can be determined
by quantifying the geometry of specimens and the water flow Qv ðm3=s) through the
specimen in a defined time at the constant effective hydrostatic head h of 300 mm (2.3).

Kf ;v ¼ 4� Qv � l
h � pD2 ð2:3Þ

With regarding to the FGSV [16], the coefficient of permeability can be classified
into 5 levels from ‘very slightly permeable’ to ‘very highly permeable’. Pavement can
be determined as permeable if the coefficient of permeability Kf � 5:4� 10�5m=s is
achieved according to German permeable pavement standards.

3 Mathematical Model Development

3.1 Permeability Model

Pore structure characteristics are usually adopted for estimating the hydraulic conduc-
tivity k in porous media. Most existing relationship of these two parameters is estab-
lished based on the pore factors in terms of grain size distribution (GSD) or the measured
indices [17]. Due to the hardly measurements of different pore indices regarding to the
pore structure, pore shape factor and tortuosity, this kind of modeling are mostly con-
structed on varied assumptions, while the model integrated from GSD presents more
empirical and convenient [15]. Among which, two famous approaches for predicting
hydraulic conductivity k based on the GSD are Hazan equation and Kozeny-Carman
model (KCM). Contrary to the Hazan model based on the effective aggregate diameter
D10, the KCM is the integration of the entire GSD as well as the void ratio and shape
factor to achieve the k prediction. In which case, the accuracy of KCM (3.1) turned out
highly surpasses that of Hazan equation. As a result, The KCM is widely adopted for
modeling the hydraulic conductivity in porous material and pavements.

k�wr11 ¼
cw

lw � Ck�c
� 100%
P

fi= D0:5
lk � D0:5

sk

� �� �

 !2
1
S2F

e3eff
1þ eeff

ð3:1Þ

Where, lW denotes the viscosity of water, which is approximately 1�10�6 KPa s at
20 �C; cW represents unit weight of water, which is 9810 N=m3; CK�C is the Kozeny–
Carman empirical coefficient for which a value of 5 is suggested; SF represents the
shape factors of aggregate: (a) spherical grains: 6.0; (b) rounded grains: 6.1; (c) worn
grains: 6.4; (d) sharp grains: 7.4–7.5 and (e) angular grains: 7.5–8.4.
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3.2 Filtration and Clogging Model

Laminar Flow is used to compute the velocity and pressure fields for the flow of a
single-phase fluid in porous media. Particle Tracking was added to compute the motion
of particles in a background fluid which was calculated by Laminar Flow.
A Fluid-Particle Interaction multi-physics coupling computes a volume force that is
equal in magnitude and opposite in direction to the total drag force exerted on particles
in each mesh element in the selected domains. This volume force contributes to the
total force acting on the fluid in the Laminar Flow interface. The filtration property of
PU-bonded pavement was realized by a stick boundary set on the surface of fluid
pathway. Stick boundary was selected to fix the particle position at the instant the wall
is struck, the particle velocity is set to zero. The interaction force between fluid and PM
was described as Stokes Drag law which was detail described by as follows [17]:

F ¼ 1
tp
mp u� vð Þ ð3:2Þ

tp ¼
qpd

2
p

18l
ð3:3Þ

Where, F is the interaction force between fluid and PM, mp, qp, dp are particle mass,
particle density, particle diameter respectively; u, v are the velocity of fluid and particle;
l is the dynamic viscosity of fluid.

An inlet velocity boundary at the surface of permeable pavement was set for the
fluid based on raining conditions. In addition, the uniform distribution of particles with
the velocity of fluid are released at the same boundary. It is important to note that the
particle number at the inlet boundary was calculated by 160 cm3 of PM 2.5 at the
concentration of 115 lg=m3. The outlet boundary for the fluid and particles was set at
the bottom of fluid passageway. The interaction force between fluid and PM was
defined as Drag Force which is loaded on the entire fluid region.

4 Results and Discussions

4.1 Permeability

Based on the determination on the average hydraulically effective void ratio as 32% for
the Pu-bonded PAP specimens, the coefficient of permeability was obtained by the
conduction of constant falling head test. The result turns out a high coefficient Kf ;v

(10−4 m/s) of vertical permeability can be achieved by the PU-bonded PAP specimen,
with reaching the value of 88 when comparing to the conventional PA8 with only
valued 23 approximately.

The prediction of vertical permeability in the present study is based on the modified
KCM model. By determination of the shape factor of aggregate, grain size distribution
as well as the hydraulic effective void ration, the prediction of permeability can be
obtained by the aid of commercial program software Matlab®. It is notable to find that
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the tested value of permeability in PU specimen is higher than the KCM value, while
the tested value on PA8 is much lower than the prediction (Fig. 2). The difference can
be considered as the application of different binders. The polyurethane binder can form
a smoother coat for the aggregates, which promote the infiltration process of the runoff.
On the contrary, the bitumen retards the infiltration to some extent, according to the
high viscosity. In this case, based on the hypothesis of KCM model and the instinct
property of polyurethane, the error between tested and predicted coefficient of per-
meability in PU specimens 13% is acceptable.

4.2 Prediction of Filtration and Clogging Behaviour

Due to the high accordance with the permeability prediction, factors of PPAP are also
applied to conduct the primary prediction of filtration and clogging behavior in PAP
structure. Both Laminar Flow and Particle Tracking in COMSOL Multiphysics 5.2
were employed to analyze the path for PM. A 2D geometric model was built using a
dimension of 25 mm in width and 25 mm in depth, where the blue area in the geometry
were the fluid flow passage.

After inlet velocity boundary depends on rain condition was loaded, an initial
distribution of flow field without PM particles was computed in as control group. In
order to analyze the relationship between filtration efficiency and PM concentration,
five levels of PM with concentration of 2.5 mg/m3, 5 mg/m3, 7.5 mg/m3, 10 mg/m3

were under consideration respectively. The PM particles was dragged by the fluid with
the same velocity, but once it hit the wall of binder coat it will be adsorbed by the wall.
Through a stick boundary loaded on asphalt surface as shown as blackspots in Fig. 3.
The filtration efficiency was defined by the stacked particles number to the whole
particle number. After all the particles flow past the pavement structure, part of them
will stick on the pavement structure and the rest of them will flow always. Since the
particles stacked on the pavement, the velocity of the particles was zero which leads to
a resistance to the fluid. The clogging behavior was performed by the comparison
between the fluid flow with PM.

It is obvious that the higher the concentration of PM more PM particles were caught
but the lower of filtration efficiency was acquired. However, the least filtration effi-
ciency of 11.75% was still positive. What’s more it is easy to find that the length of

Fig. 2. Validation of KCM model
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particle pathway is a key factor to the filtration efficiency. The micro structure of a
geometry with 25 mm * 25 mm was built as a consideration of limit elements for less
calculated amount since the model contains large calculated amount. With this mind,
we can see that the filtration efficiency maybe better in the actual pavement with the
size of 40 mm * 40 mm.

However, this was an initiatory prediction model of filtration and clogging per-
formance of permeable pavement. More related experiment need to be carried out to
update our model for better prediction.

5 Conclusion

The quantitative analysis on hydraulic properties of PAP is vital important to the
construction of LID and sustainable drainage system. To optimize the design of PAP
and understand the deterioration mechanism it, the simulation of hydraulic properties
was established based on the effective void ration and validated with the innovative
PPAP. Further, the prediction of filtration and clogging behavior was attempted based
on the hydraulic properties. The main achievements in this paper can be concluded as
follow:

• Based on the specific property of binder, the innovative PPAP was proved having
higher hydraulic properties when comparing to that of conventional PAP;

• Based on the effective void ratio, the modified KCM model presents a high
accordance to the hydraulic properties of PPAP;

• The simulation on the filtration and clogging behaviour can be established based on
the FEM, where the PPAP presents a high absorption capability of PM subjected to
the urban runoff;

• The filtration and clogging behaviour varied by the concentration of PM, specifi-
cally the high filtration efficiency can be achieved by smaller PM density, while
high PM density leads to a lower filtration efficiency but higher clogging
phenomenon.

Fig. 3. Filtration efficiency and clogging behaviour at different particle density. (a) 17%
filtration efficiency at 2.5 mg/m3 particle density; (b) 14.3% filtration efficiency at 5 mg/m3

particle density. (c) Filtration and clogging behaviour under different PM concentration
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Abstract. Geotechnical membrane is often used in dam engineering to prevent
the seepage. But the research of the influence of impervious membrane on the
seepage of a dam is not enough. Combining the indoor model experiment and
numerical analysis methods, the influence of the impermeable membrane’s
blanket length on the seepage of a dam had been carried out in present paper. By
analyzing the results from these two methods, it was found that the seepage
quantity of the dam linearly changed with the increase of the blanket length.
Besides, bases on the numerical analysis method, the influence of different
horizontal impervious blanket length on the seepage of a dam had been inves-
tigated, and the calculation formula for different thickness of the foundation had
been fitted. Finally, the optimum length of horizontal blanket for different dam
foundation was analyzed.

Keywords: Impermeable membrane � Blanket length � Dam � Seepage

1 Introduction

China has a long coastline, and a large number of offshore and estuary dams have been
constructed along the coastline. It was confirmed that there is a close relationship
between the common diseases of the dam and the permeation. It was reported that
40.5% of the dam destruction were caused by dam seepage [1].

During the flood in 1998, many dangerous conditions were happened in dams along
Yangtze River, and 54.5% of these dangerous conditions were the result of seepage
failure. In history, more than 90% of the Yangtze River inrushes were caused by
seepage failure [2]. The “Katrina” hurricane brought heavy damage to America, and the
disaster survey report pointed out that the direct factor of dams’ destruction in New
Orleans was seepage failure of dam foundation [3]. Studies indicated that the engi-
neering reinforcement of embankment had met the requirements of national standard.
However, due to lack of understanding on the dam foundation seepage failure, there are
still some problems that need to be studied. Impervious geotechnical membrane can
adapt to dam’s deformation due to its soft characteristics, so it is widely used in
engineering. For example, Sichuan Tianwanhe Renzonghai rockfill dam, Sichuan
Ganzi Huashan core film/gravelly soil core rockfill dam and Shandong Dezhou Datun
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plain reservoir are all representative membrane impermeable dam [4]. Whitfield [5]
introduced the application of geotechnical impervious material in Roller compacted
concrete dam. Messerklinger [6] introduced a seepage failure case of a geomembrane
lining dam. Yuan et al. [7] studied the influence of blanket length to infinite deep
pervious foundation dam with boundary element method, and revealed the relationship
between the blanket length of the infinite deep pervious foundation dam and the
upstream head. Yin et al. [8] analysed the length selection of impervious blanket in non
homogeneous infinite deep pervious dam foundation, and gave the computing method
about seepage of non homogeneous infinite deep pervious dam foundation by using
model experiment. Combining with the engineering example, Wen et al. [9] analyzed
the influence of the depth of cutoff wall, blanket length and permeability of overburden
soil on the seepage control of a dam foundation, and concluded that the blanket could
not effectively control the overburden foundation seepage. Xu et al. [10] used model
experiment and numerical analysis methods to carry out the research on the selection of
the impervious blanket length of the infinite deep pervious foundation. By developing a
model experiment, Mao et al. [11] calculated the effective depth of impermeable
membrane on earth rockfill dam.

Combining indoor model experiment and numerical analysis method, the influence
of impermeable membrane’s blanket length on the seepage of a dam were systemati-
cally carried out, the conclusions could provide a reference for the design, construction
and management of a dam.

2 Model Experiment

2.1 Experiment Method

The indoor experiment was carried out by using a self-made seepage apparatus, which
was shown in Fig. 1, and the tank’s size were 3.0 m � 0.5 m � 1.2 m. The water flew
into the tank through the adjustable bin. The upstream water level could be adjusted by
changing the bin’s height. There was a drainage outlet in the right wall of the tank. To
observe the seepage process, the front face of the tank was made of organic glass. To
gain the distribution of pore water pressure, a row of piezometric tubes were installed
200 mm above the bottom of the tank.

Float Valve

500
200

R10

200

Dam Foundation Piezometer Tube

Dam Body

Inlet End

Outlet End

Fig. 1. Diagrammatic sketch of self-made seepage apparatus (mm).
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Sand was used to build the dam foundation to simulate the pervious characteristics
of the foundation. In order to simulate the actual engineering, dam body was filled with
silt. The soil was carried from a building foundation pit in Hangzhou. Basic physical
property indexes of the filling materials were shown in Table 1. Common plastic film
was selected as the material of impervious blanket.

The width of the dam bottom was 185 cm, the width of the dam crest was 5.0 cm,
the height of the dam foundation was 50 cm, the height of the dam body was 45 cm, and
the slope ratio of the upstream slope and the downstream slope were 1:2. Hierarchical
construction method was used for the filling of dam foundation and dam body, each
layer thickness was 10 cm, and the filling compaction degree was controlled at 88%.

The upstream water level and downstream water level were selected as 20 cm and
7 cm, respectively. In order to avoid the water oozing out from the leakage of blanket
and slope, membrane was laying on the surface from dam body to foundation.
Membrane was 50 cm larger than the tank’s width. The extra membranes in two sides
were pasted on the inner wall of the tank firmly by using vaseline, and there was no
large air bubble under the membrane. Besides, the junction of membrane and foun-
dation was covered by sand to prevent the membrane floating and water seeping
through the underside of the blanket. It was shown in Fig. 2.

Table 1. Basic physical property indexes of the materials.

Position Soil
type

Plastic
limit (%)

Liquid
limit (%)

Optimum
moisture
content/(%)

Specific
gravity

Void
ratio

Water
content/(%)

Permeability
coefficient/
(cm�s−1)

Dam body Sand 2.65 0.68 8.7 2.8 � 10−2

Dam
foundation

Silt 20.27 29.83 22.2 2.70 1.04 17.6 1.46 � 10−5

Fig. 2. Laying of impermeable membrane.
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After finish laying membrane on the dam, water was slowly poured from the inlet
end. For the difference of the water levels between the upstream and downstream,
seepage occurred. The piezometric tubes’ water level and the drainage quantity from
outlet end could be measured directly. The readings of piezometric tubes would not
recorded until the readings did not change and the drainage quantity was kept stable
during every three minutes. Finally, the flow rate was calculated based on the seepage
quantity.

2.2 Experiment Results

The lengths of the membrane were selected as 20 cm, 40 cm, 60 cm and 80 cm, which
were 1–4 times of the upstream water level. The experiment without membrane was
also carried out for contrast. The seepage quantity of these 5 groups experiments were
list in Table 2.

3 Numerical Analysis

3.1 Numerical Analysis Method

The numerical analysis was carried out by using seep/w module of the software
Geo-Studio. Seep/w was developed to analyze porous material from simple saturated
steady-state problems to complex, saturated unsaturated variable problem. In this
paper, saturated material was selected to simulate the permeable dam foundation, and
unsaturated material was selected to simulate the dam body.

3.2 Compared with the Model Experiment

In order to make a comparative analysis of indoor model test and numerical calculation,
the parameters of the numerical analysis were selected as 100 times of the sizes of the
laboratory model. Those were, the width of the dam bottom was 185 m, the width of
the dam crest was 5 m, the height of the dam foundation was 50 m, the height of the
dam body is 45 m, and the slope ratio of the upstream slope and the downstream slope
were 1:2. The saturated permeability coefficient of the dam body and dam foundation
were 5.68 � 10−7m/s and 1 � 10−14m/s. The calculation results were shown in
Table 3.

Table 2. Seepage quantity of dam with different length blanket.

Blanket length (cm) Seepage quantity (ml�s−1�m−1)

0 7.67
20 7.22
40 6.94
60 6.50
80 6.11
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Compared the results of indoor model test to numerical analysis, the comparative
figure was plotted in Fig. 3.

From Tables 2 and 3, it could be found that, the seepage quantity of the dam was
linearly changed with the blanket length. This indicated both the indoor model test and
numerical analysis method were correct and reliable. The difference values between
these two methods were 17.94%, 13.76%, 11.52%, 6.59%, 1.60% for the membrane
length were 0, 1, 2, 3, 4 times of the upstream water level, respectively. The difference
values of two methods decreased with the increase of the upstream blanket length. This
was probably due to the limitation of experimental conditions, membrane and foun-
dation could not fit tightly enough when the membrane was short.

3.3 Numerical Analysis Results

Selected the head difference of upstream and downstream H as a benchmark. The
height of dam foundation was selected in the range of 1H to 5H, the blanket length was
in the range of 1H to 12H. The seepage results were list in Table 4.

Table 3. Seepage quantity of dam with different length blanket.

Blanket length (m) Seepage quantity (ml�s−1�m−1)

0 6.2941
20 6.2262
40 6.1407
60 6.0715
80 6.0125

0.0 0.5 1.0 1.5 2.0
2
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l·s
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Blanket length/foundation height

 Model experiment
 Numerical analysis

Fig. 3. Comparison between numerical analysis and indoor model test.
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3.4 Analysis and Discussion

Based on Table 4, following figure could be drawn.

From Fig. 4, it was found the seepage quantity decreased with the increase of
blanket length, and the curve gradually tended to be gentle. The curves could be
considered as linear change when the blanket length was smaller than 100, this was in
consistent with Fig. 3. Comparing the 5 curves in Fig. 4, it could also be found that,
with the increase of dam foundation height, the seepage quantity decreased rapidly and
achieved the gentle range quickly.

Table 4. Seepage quality for different blanket length.

Blanket length Dam foundation
H 2H 3H 4H 5H

0H 4.4556 7.4105 9.2946 10.469 11.216
1H 4.3928 7.2855 9.1558 10.318 11.070
2H 4.3466 7.1395 8.9616 10.096 10.848
3H 4.3228 7.0371 8.8139 9.9035 10.646
4H 4.3085 6.9561 8.6951 9.7348 10.471
5H 4.2989 6.9123 8.6090 9.6088 10.319
6H 4.2922 6.8723 8.5474 9.4973 10.188
7H 4.2871 6.8408 8.4932 9.4032 10.074
8H 4.2831 6.8155 8.4540 9.3226 9.9735
9H 4.2799 6.7946 8.4229 9.2521 9.8825
10H 4.2773 6.7771 8.3979 9.1883 9.8005
11H 4.2752 6.7619 8.3768 9.1267 9.7255
12H 4.2734 6.7478 8.3570 9.0591 9.6565
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Fig. 4. Curve of seepage quantity versus blanket length.
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By divided the dam seepage quantities with the seepage quantity without blanket,
following ratios of seepage quantity with blanket to that of without blanket could be
written.

Based on Table 5, the ratio curve of seepage quantity with blanket to that of
without blanket could be drawn as Fig. 5.

The relationships in Fig. 5 could be fitted as a polynomial:

k ¼ ah2l þ bhl þ c ð1Þ

Where k was the proportion of dam seepage quantity with blanket to that of without
blanket, hl was blanket length, and a, b, c were fitting coefficients.

Table 5. Ratio of seepage quantity with blanket to that of without blanket.

Blanket length Dam foundation

H 2H 3H 4H 5H

0H 0.9859 0.9831 0.9851 0.9856 0.9870
1H 0.9755 0.9634 0.9642 0.9644 0.9672

2H 0.9702 0.9496 0.9483 0.9460 0.9492
3H 0.9670 0.9387 0.9355 0.9299 0.9336

4H 0.9648 0.9328 0.9262 0.9178 0.9200
5H 0.9633 0.9274 0.9196 0.9072 0.9084
6H 0.9622 0.9231 0.9138 0.8982 0.8982

7H 0.9613 0.9197 0.9096 0.8905 0.8892
8H 0.9606 0.9169 0.9062 0.8838 0.8811

9H 0.9600 0.9145 0.9035 0.8777 0.8738
10H 0.9595 0.9125 0.9013 0.8718 0.8671
11H 0.9591 0.9106 0.8991 0.8653 0.8610

12H 0.9859 0.9831 0.9851 0.9856 0.9870
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Fig. 5. Ratio curve of seepage quantity with blanket to that of without blanket.
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The fitted coefficients a, b and c were list in Table 6.
After gained the relationship of the ratio of seepage quantity with blanket to that of

without blanket for different foundation height, the minimum value and the corre-
sponding blanket length could be computed. The minimum seepage quantities and
optimum membrane blanket lengths for five foundation heights were list in Table 7 and
plotted in Fig. 6.

The relationship in Fig. 6 could be formulated as:

Kmin ¼ 0:0039h2t � 0:0479ht þ 1:0016 ð2Þ

Table 6. Fitting coefficients of a, b, c.

Foundation height a b c Correction coefficient

1H 3.20 � 10−4 −0.0060 0.9880 0.9377
2H 2.88 � 10−3 −0.0302 0.9921 0.9785
3H 7.65 � 10−3 −0.0544 0.9979 0.9886
4H 1.23 � 10−2 −0.0812 1.0019 0.9959
5H 1.73 � 10−2 −0.1006 1.0046 0.9988

Table 7. Minimum seepage quantity and optimum membrane blanket length.

Foundation height Minimum value Optimum blanket length/H

1H 0.960 9.38
2H 0.913 5.24
3H 0.902 3.56
4H 0.867 3.30
5H 0.859 2.91
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Fig. 6. Minimum seepage quantity versus dam foundation height.
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Where Kmin was the minimum value of the ratio of seepage quantity with blanket to
that of without blanket, and ht was the thickness of the dam foundation.

The fitting curve correlation coefficient 0.9437 showed that the fitting was reliable.
From Eq. (2), it could be seen that, with the increase of the dam foundation thickness,
the minimum seepage quantity of the dam was gradually reduced.

4 Conclusions

Combining indoor model experiment and numerical analysis method, the influence of
impermeable membrane’s blanket length on the seepage of a dam were studied. The
results of these two methods were in accordance with each other well.

The seepage quantity decreases with the increase of blanket length, there is a linear
relationship among them when the blanket length is small. With the increase of the
height of dam foundation, the seepage quantity decreased rapidly and achieved the
gentle range quickly.

The relationship between the ratio of seepage quantity with blanket to that of
without blanket and the blanket length can be expressed by a polynomial.

The relationship of minimum seepage quantity and dam foundation height can also
be formulated as a polynomial. With the increase of the thickness of dam foundation,
the minimum seepage quantity of the dam was gradually reduced.
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Abstract. Drilling a borehole in saturated geotechnical materials often results
in the excavation disturbed zone constituted by the original porous matrix and
the fractures. In order to study the hydro-mechanical behaviors of such
double-porosity medium, the analytical solution to the hollow cylinder subject to
axisymmetric load is derived with Laplace transform. Emphases have been
placed on the inter-porosity behaviors in terms of transport coefficient between
the matrix and fractures and the results show a higher value of transport coef-
ficient will accelerate the dissipation in the matrix while increase the pore
pressure significantly in the fractures due to the fluid from the matrix.

Keywords: Double porosity � Hydro-mechanical behaviors � Hollow cylinder

1 Introduction

After drilling in the geotechnical materials, the cylindrical borehole was usually sur-
rounded by an excavation disturbed zone (EDZ) [1]. The disturbed structure, following
with the hydro-mechanical behaviors such as permeability and stiffness, departs from
the original porous medium. Such alterations greatly affect the mass transfer for
engineering purposes, including injection/extraction of water or gas for heat exchange,
carbon sequestration and oil production [2]. The investigations of the altered charac-
teristics in the EDZ had been implemented by assuming the disturbed or undisturbed
zones of different material properties, where the development of fractures is neglected.
Nevertheless, the sudden imposed penetration increases the fractures in the formation
[3], and fractures interconnect as an additional system of flow channels where the
capacity of water movement is much larger than the original porous matrix. Such
heterogeneous medium can be described in terms of the overlapping of two different
types of porosity [2]: (1) Storage porosity, often in the form of matrix of porous
medium, holds the most volume of fluid while the permeability is rather low;
(2) Transport porosity, often in the form of fractures in the reservoir or joints in rock
mass, is low in volume but high in permeability. Two systems of porosity are coupled
by a mass transport between pores and fractures and such inter-porosity effect is
estimated as inter-porosity flow coefficients.

As an enrichment of Biot description [4] to present two fields of pore pressure in
interaction, the theory of double-porosity porous medium has been expanding in the
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over three decades [5, 6]. The governing equations of the two parallel-model porosities
consider the interaction between matrix, fractures and pores in both the momentum
balance and the mass conservation. Numerical methods had been applied for field-scale
examples [7]. Meanwhile, the analytical solutions for the comparison between the
double-porosity media and the single-porosity counterpart is highlighted [2]. The
afore-mentioned analytical solutions, however, are limited to the cylinder case which
are not suitable for the excavation disturbed zone around the borehole.

In this analysis, the analytical solution to the double porosity medium is extended
into a hollow cylinder case which is sandwiched by two rigid plates and subject to a
vertical load. After the application of Laplace transform for time variable and the
boundary conditions, the hydro-mechanical behaviors in the matrix and fractures are
analyzed and emphases have been placed on the transport coefficient between the
matrix and fractures. The results show that with a high transport coefficient, the dis-
sipation in the matrix differs from the single-porosity Biot’s solution due the absence of
Mandel-Cryer effect and the pore pressure in the fractures can increase significantly due
to the fluid from the matrix.

2 Governing Equations

In this section, a saturated doubled-porosity cylinder with an inner radium ri and an
outer radium ro is studied which is sandwiched between two rigid, frictionless and
impervious plates. The linear isotropic constitutive equations are written as [6]:

rij ¼ 2�Geij þ 2�m�G
1� 2�m

ekkdij

� �
þ �ampm þ �a f p f
� �

dij ð1Þ

fm ¼ ��amekk þ pm

�Mm
þ p f

�Mm;f
; f f ¼ ��a f ekk þ pm

�Mm;f
þ p f

�M f
ð2Þ

where rij; eij: total stress and strain tensor, respectively; �K; �m: overall drained elastic
bulk modulus and Poisson’s ratio, respectively; ekk: overall bulk volumetric strain,
ekk ¼ DV=V ; dij: Kronecker delta; �: overall double-porosity poroelastic material
coefficients; m, f : superscripts representing for the matrix and fractures, respectively; �a:
effective pore-pressure coefficient; p: pore pressure; f: volumetric change;
�Mm; �M f ; �Mm;f : the effective coupled Biot’s moduli which are defined in [8].

Equilibrium and strain-displacement relation

@rij
@xj

¼ 0; eij ¼ 1
2

@ui
@xj

þ @uj
@xi

� �
ð3Þ

Conservation of the fluid phases

@fm

@t
þ @qmi

@xi
¼ C p f � pm

� �
;
@f f

@t
þ @q f

i

@xi
¼ �C p f � pm

� � ð4Þ
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Darcy’s law

qmi ¼ � vmkm

lm
@pm

@xi
; q f

i ¼ � v f k f

l f

@p f

@xi
ð5Þ

where ui and xi: displacement vector and the spatial coordinate, respectively; qmi , q
f
i :

specific fluid discharge vector in the matrix and fractures; vm, v f : bulk volume fraction
occupied by the matrix and fractures, v f þ vm ¼ 1; km, k f : intrinsic permeability of
porous matrix; lm; l f : fluid dynamic viscosity; C: transport coefficient.

Combining the equilibrium Eq. (3) with the stress-strain-pressure Eq. (1), we can
obtain the compatibility relation of the system as

r2 ekk þ �gm

�G
pm þ �g f

�G
p f

� �
¼ 0 ð6Þ

where �g ¼ �a 1� 2�mð Þ= 2 1� �mð Þ½ �; �G ¼ 3�K 1� 2�mð Þ= 2 1þ�mð Þ½ �; r2 ¼ @2
�
@r2 þ

@=@rð Þ=r.
The diffusion equations in the matrix and fractures can be obtained by the sub-

stitution of Eq. (2) into Eq. (4), and combining the Darcy’s law from Eq. (5):

��am
@ekk
@t

þ 1
�Mm

@pm

@t
þ 1

�Mm;f

@p f

@t
¼ vmkm

lm
r2pm þC p f � pm

� � ð7Þ

��a f @ekk
@t

þ 1
�Mm;f

@pm

@t
þ 1

�M f

@p f

@t
¼ v f k f

l f
r2p f � C p f � pm

� � ð8Þ

The solution to Eq. (6) can be given as

ekk þ �gm

�G
pm þ �g f

�G
pf ¼ C0 ð9Þ

where C0 is the integration constant.
Substitution of Eq. (9) into Eqs. (7) and (8) can eliminate ekk term, and the vari-

ations of coupled equations can be compacted as

A1½ � @
@t

þ A2½ � � A3½ � @2

@r2
þ 1

r
@

@r

� �	 

p f

pm

� �
¼ �a f

�am

� �
@C0 tð Þ
@t

ð10Þ

where A1½ � ¼
�am�gm
�G þ 1

�Mm
�am�g f

�G þ 1
�Mm;f

�a f �gm
�G þ 1

�Mm;f
�a f �g f

�G þ 1
�M f

" #
, A2½ � ¼ C �C

�C C

� �
, and

A3½ � ¼
vmkm
lm 0

0 v f k f

l f

" #
.
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After applying the Laplace transform to Eq. (10) on the time variable (denoted by
the overbar *) results in the following equation:

A1½ �sþ A2½ � � A3½ � @2

@r2
þ 1

r
@

@r

� �	 

~pm

~p f

� �
¼ �am

�a f

� �
s~C0 ð11Þ

The solution to Eq. (11) is obtained from theory of system of ordinary differential
equations from [9] and can be stated as follows:

~pm

~p f

� �
¼ 1 1

v1 v2

� � B1I0 r
ffiffiffiffi
nI

p� 
B2I0 r

ffiffiffiffiffi
nII

p� 
0
@

1
Aþ

B3K0 r
ffiffiffiffi
nI

p� 
B4K0 r

ffiffiffiffiffi
nII

p� 
0
@

1
A

8<
:

9=
;þ w1

w2

� �
~C0 ð12Þ

where I0 and K0 are the modified Bessel function of the first kind of order 0, and the
modified Bessel function of the second kind of order 0, respectively. B1, B2, B3, and B4

are arbitrary integration; nI and nII are eigenvalues of the characteristic matrix E½ � ¼
A3½ ��1 s A1½ � þ A2½ �f g of the system of ODEs in Eq. (11), where nI, nII ¼ E11 þE22 �½ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

E11 � E22ð Þ2 þ 4E12E21

p �
.
2, respectively; v1 and v2 stands for: v1 ¼ nI � E11

� ��
E12

and v2 ¼ nII � E11
� ��

E12, respectively; w1 w2½ �T is the particular solution to

Eq. (11) and can be expressed as w1 w2½ �T¼ s s A1½ � þ A2½ �f g�1� �am �a f
� �T

.
The integration of r~ekk based on r~ekk ¼ @ r~urð Þ=@rþ r~ezz, together with integrations

of I0 and K0 in [10], the radial displacement is written as

~ur ¼ �b2
I1 r

ffiffiffiffi
nI

p� 
�G

ffiffiffiffi
nI

p B1 � b3
I1 r

ffiffiffiffiffi
nII

p� 
�G

ffiffiffiffiffi
nII

p B2 þ b2
K1 r

ffiffiffiffi
nI

p� 
�G

ffiffiffiffi
nI

p B3

þ b3
K1 r

ffiffiffiffiffi
nII

p� 
�G

ffiffiffiffiffi
nII

p B4 þ r
2�G

b1 ~C0 þ 1
r
~C1 � r

2
~ezz

ð13Þ

where b1 ¼ �G� �gmw1 � �g fw2, b2 ¼ �gm þ �g f v1 and b3 ¼ �gm þ �g f v2.
The radial stress can be obtained from Eq. (1) as:

~rrr ¼ 3 1� �mð Þ�K
1þ�m

� b1

� �
~C0 þ 2b2I1 r

ffiffiffiffi
nI

q� ��
r

ffiffiffiffi
nI

q� �
B1 þ 2b3I1 r

ffiffiffiffiffi
nII

q� ��
r

ffiffiffiffiffi
nII

q� �
B2

� 2b2K1 r
ffiffiffiffi
nI

q� ��
r

ffiffiffiffi
nI

q� �
B3 � 2b3K1 r

ffiffiffiffiffi
nII

q� ��
r

ffiffiffiffiffi
nII

q� �
B4 � 2�G

r2
~C1 � �G~ezz

ð14Þ
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The vertical force is obtained by integrating the vertical stress:

2p
Z

r~rzzdr ¼ 2pr2 �Gezz þ pr2b4 ~C0 þ 2prb5 I1 r
ffiffiffiffi
nI

q� �� ffiffiffiffi
nI

q
B1 � K1 r

ffiffiffiffi
nI

q� �� ffiffiffiffi
nI

q
B3

� �

þ 2prb6 I1 r
ffiffiffiffiffi
nII

q� �� ffiffiffiffiffi
nII

q
B2 � K1 r

ffiffiffiffiffi
nII

q� �� ffiffiffiffiffi
nII

q
B4

� � ð15Þ

where b4 ¼ �amw1 þ �a fw2 þ �G� w1�g
m � w2�g

f
� �

2�m
1�2�m;

b5 ¼ �am þ �a f v1 � �gm þ v1�g
f

� �
2�m

1�2�m ; b6 ¼ �am þ �a f v2 � �gm þ v2�g
f

� �
2�m

1�2�m :

3 Boundary Conditions

As for the hollow cylinder with a height of 2H subject to a confining load f from the
top, the boundary conditions can be described as follows:

r ¼ ro; ~rrr ¼ ~pI ¼ ~pII ¼ 0; r ¼ ri; ~rrr ¼ ~pI ¼ ~pII ¼ 0; z ¼ �H;

Zro
ri

r~rzzdr ¼
~f
2p

The unknowns are solved in the Laplace transform domain, and the real solution
can be obtained by using the numerically inversed method proposed by [11].

4 Numerical Analysis

In this section, we present the numerical analysis of the characteristics of pore pressure
in a hollow cylinder and focus on the effect of transport coefficient. The parameters of
porous medium are listed in the Table 1 and the outer and inner radius are ro = 1.0 m
and ri = 0.5 m, respectively.

Table 1. Poroelastic parameters

Matrix Fractures

Bulk volume fraction vm ¼ 0:98 v f ¼ 0:02
Intrinsic permeability (m/s) km¼ 1� 10�10 m=s k f¼ 1� 10�8 m=s
Fluid dynamic viscosity (Pa�s) lm ¼ 0:01 Pa � s l f ¼ 0:01 Pa � s
Bulk modulus (MPa) Km¼ 110MPa K f¼ 22MPa
Bulk modulus of solid grain (MPa) Km

s ¼ 27:6GPa K f
s ¼ 27:6GPa;

Porosity /m ¼ 0:14 / f ¼ 0:95
Bulk modulus of fluid (MPa) Kf¼ 1744MPa
External force on the top (N) f ¼ 10000N
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Figure 1 depicts the pore pressure varied with time in the matrix and fractures at the
r = 0.75 m, and five transport coefficients are adopted (C = 2 � 10−6 (Pa�s)−1,
2 � 10−7 (Pa�s)−1, 2 � 10−8 (Pa�s)−1, 2 � 10−10 (Pa�s)−1 and 0). With a larger value
of transport coefficient, the fluid in the matrix can be transported in a faster rate into the
fractures. The pore pressure in the matrix dissipates without Mandel-Cryer effect

ri ro

Borehole

f

(a) Matrix                                          (b) Fractures 

Fig. 1. Pore pressure in the matrix and fractures at r = 0.75 m varied with time (C = 2�10−6

(Pa�s)−1, 2 � 10−7 (Pa�s)−1, 2 � 10−8 (Pa�s)−1, 2 � 10−10 (Pa�s)−1 and 0, respectively).

Fig. 2. Pore pressure in the matrix along the radius at time = 0.0005 s, 0.005 s and 0.05 s,
respectively. (a) C = 2 � 10−7 (Pa�s)−1; (b) C = 2 � 10−8 (Pa�s)−1; (c) C = 2 � 10−10 (Pa�s)−1;
(d) C = 0.
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(C = 2 � 10−6 (Pa�s)−1), whilst the pore pressure in the fractures climbs obviously and
the peak pressure can be 3 times higher than the initial one. As the transport coefficient
being close to zero, the pore pressure in the matrix and fractures behaves as the
single-porosity way in Biot’s theory with two different values of permeability.

Figures 2 and 3 depict the pore pressure along the hollow cylinder with four
transport coefficients (C = 2 � 10−7 (Pa�s)−1, 2 � 10−8 (Pa�s)−1, 2 � 10−10 (Pa�s)−1
and 0) at different points in time (t = 0.0005 s, 0.005 s and 0.05 s). The maximum pore
pressure is located in the middle of hollow cylinder and declines due to the drained
outer and inner boundaries. As suggested in Fig. 1, Mandel-Cryer effect in the matrix is
less obvious with a high transport coefficient since pore pressure in Fig. 2(a) declines
monotonously, and that in fractures shown in Fig. 3(a) increases obviously due to the
fluid from the matrix before it later decreases into final zero value. However, the effect
of transport coefficient has a limit as little differences between the case of
C = 2 � 10−10 (Pa�s)−1 and that of C = 0 can be observed.

5 Conclusions

In this paper, the analytical solutions to the saturated hollow cylinder with double
porosities are derived to investigate the hydro-mechanical behaviors of fractured for-
mation around a borehole. Laplace transform for the time domain is adopted to

Fig. 3. Pore pressure in the fractures along the radius at time = 0.0005 s, 0.005 s and 0.05 s,
respectively. (a) C = 2 � 10−7 (Pa�s)−1; (b) C = 2 � 10−8 (Pa�s)−1; (c) C = 2 � 10−10 (Pa�s)−1;
(d) C = 0.
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de-couple the governing equations and after the application of boundary conditions, the
real solution is obtained by the corresponding Laplace transform inversion. The pore
pressure in the matrix and fractures is studied and emphases have been placed on the
influence of the transport coefficients between the matrix and fractures. The results
show that due to the mass transfer between the matrix and fractures with a high
transport coefficient, the dissipation in the matrix can declines monotonously while the
pore pressure in the fractures increases significantly due to the fluid from the matrix.
However, the hollow cylinder simulating the excavation disturbed zone is a simplified
model since the outer boundary conditions in the real production problem is governed
by the compatibility between the disturbed zone and the undisturbed zone. Such case
involves the radial heterogeneity and a radially multilayered model should be presented
for the further analysis.
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Abstract. Numerous methods have been developed to measure the unsaturated
permeability in multi-step outflow experiments. Silicon micro-powder
(SMP) and Guangxi Guiping clay (GGC) have been conducted by transient
outflow methods in this paper. The water release upon two-steps increase in
matric suction. For each step of the experiment, the water outflow from the soil
specimen is weighed in real time in order to determine the change of the water
content in the specimen. As a gas pressure is exerted, the difference of the matric
potential between the transient water content curve (TWCC) and the soil water
retention curve (SWRC) at the same water content is calculated. This difference
is considered to have the potential to drive the flow of pore water. Then, the
unsaturated permeability can be calculated by using Darcy’s law. This two-steps
measurement method agrees with the Gardner outflow analysis method (1956),
which have the same ranges of variation for unsaturated permeability. Addi-
tionally, the test time is greatly reduced, and generally takes 10 days.

Keywords: Unsaturated soil � Two-steps outflow experiment
Unsaturated permeability

1 Introduction

The unsaturated permeability is an important parameter for studying seepage, unsat-
urated soil consolidation and contaminant transport. It is mainly affected by the mineral
composition of soil particles, the size and distribution of pores, the water content and
different ion concentrations. The unsaturated permeability is generally measured by
experiment or is estimated from the soil water retention curve.

Techniques for measuring the unsaturated permeability, including the horizontal
infiltration method, the centrifuge method, the multi-step outflow method, and the
instantaneous profile method (e.g., ASTM D7664 2010; Gardner 1956; Klute 1972;
Elzeftawy and Mansell 1975; Raimbault 1986; Abuhejleh et al. 1993; Meerdink et al.
1996; Benson and Gribb 1997; Znidarcic et al. 2002; Vanapalli et al. 2007; Zornberg
and Mccartney 2010; Znidarcic and Mccartney 2010; Parks et al. 2012), have been well
developed. The multi-step outflow method has become one of the most promising and

© Springer Nature Singapore Pte Ltd. 2018
L. Hu et al. (Eds.): GSIC 2018, Proceedings of GeoShanghai 2018 International Conference:
Multi-physics Processes in Soil Mechanics and Advances in Geotechnical Testing, pp. 228–235, 2018.
https://doi.org/10.1007/978-981-13-0095-0_26

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_26&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_26&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_26&amp;domain=pdf


practical methods for estimating unsaturated permeability. The original outflow method
for measuring the unsaturated permeability via a pressure plate instrument was pro-
posed by Gardner (1956). In the multi-step outflow method, matric suction is applied
on a soil specimen by increasing the gas pressure. Then, the outflow rate and cumu-
lative outflow volume corresponding to each step of matric suction are measured. The
linear equation of the volume of the pore water is used to derive the water diffusivity of
unsaturated soil, and the water diffusivity D is calculated from the slope of the linear
relationship in Eq. (1). The unsaturated permeability for matric suction is given as
shown in Eq. (2):

lnðV0 � VtÞ ¼ lnð8V0

p2
Þ � Dp2t

4L2
ð1Þ

ku ¼ D
Dh
Dw

ð2Þ

where D is the water diffusivity, V0 is the cumulative outflow volume for a specific step
of matric suction, Vt is the cumulative outflow volume at elapsed time t from the initial
application, L is the thickness of the specimen, and Dh=Dw is the change in water
content for an increment in matric suction; this is the slope of the SWRC.

The multi-step outflow method is a transient measurement method for estimating
the unsaturated permeability in the laboratory. Because this method tends to produce
bubble accumulation close to the ceramic disk, diminishing the accuracy of measure-
ment. Therefore it improved by Miller and Elrick (1958), Rijtema (1959), Kunze and
Kirkham (1962), Van Dam et al. (1994), Crescimanno and Iovino (1995), Hwang and
Powers (2001), and Figueras et al. (2006). Kool et al. (1985) developed an inverse
method to estimate the parameters of the SWRC from cumulative outflow measure-
ments. They demonstrated that the outflow data obtained from a multi-step outflow
experiment provided sufficient information to measure the unsaturated permeability.
Benson and Gribb (1997) presented a comprehensive review of inverse modeling
approaches used to estimate the hydraulic conductivity, including one-step and
multi-step outflow methods.

Shao et al. (2017) presented a method to measure the unsaturated permeability in
multi-step outflow experiments, and it aggred with Gardner (1956) analysis method and
van Genuchten-Mualem model (1980). However, the multistep outflow experiment is
time consuming, it generally takes two or three months. In this paper, a new method is
proposed to calculate the unsaturated permeability in two-steps outflow experiment,
which took approximately 10 days. Silicon micro-powder (SMP) and Guangxi Guiping
clay (GGC) have been conducted by transient two-steps outflow experiments.

2 Measurement Method

The level of matric suction conditions can be considered to have reached a stable state,
when the pore water is no longer discharged from the soil specimen. At the same time,
the pore water is in a state of static equilibrium corresponding to the previous step’s
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outflow. It can be said that the gas pressure potential increment applied is completely
transformed into the matric potential (Shao et al. 2017). The SWRC is described the
relationship between the matric suction and volumetric water content, as shown in
Fig. 1. The matric potential of the soil water can be increased instantaneously with the
application of a gas pressure potential increment. The gas pressure path is [0, wB, wD]
or A-B-C-D-E. It is a transient two-steps outflow experiment. As shown in Fig. 1, Dua
is the gas pressure potential increment, therefore the matric potential satisfies wE ¼
wD ¼ wB þDua at point E. When the gas pressure potential increment is applied, the
pore water in the soil specimen outflows gradually from D to E during this gas pressure
potential increment. The hydraulic gradient driving pore water seepage gradually
decreases until it is close to 0 at point E.

As shown in Fig. 1, the test data curve is the transient water content curve (TWCC).
The first step outflow is ABC, the gas pressure increment at this step is little larger than
the air-entry value of soil. When the gas pressure increment at second step outflow is
applied (CDE), and the limit of total matric suction must less than the air entry pressure
of the ceramic disk. Here, G is one test data point on the TWCC under the condition of
matric suction wD. H is the point at which the volumetric water content equals that at
point G on the SWRC, which mean that hG ¼ hH . During this step, the path of gas
pressure increment is CDE, the change path of volumetric water content on the TWCC

is DGE, and the corresponding SWRC is CHE. In this method, the increment of the gas

pressure potential, Dua, is divided into two parts: Du1a and Du2a. Where Du1a overcomes

Fig. 1. A diagram of the direct measurement method
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the osmotic resistance and drives pore water; Du2a balances the surface tension in the
hydrostatic equilibrium condition and converts it into matric potential. At the moment
of gas pressure potential is applied, Du1a equals Dua and gradually decreases with the
outflow of pore water. When the stable stage of matric suction is reached, Du1a equals
zero. Conversely, Du2a behaves in a completely different way. When the gas pressure
potential is first applied, Du2a ¼ 0 and then gradually increases with the outflow of pore
water. When matric suction reaches a steady state, Du2a equals Dua. Finally, the gas
pressure potential is completely transformed into the matric potential.

It should be noted that Du1a is the part of the gas pressure potential that overcomes
the osmotic resistance and drives pore water. Therefore, the hydraulic gradient can be
written as follows:

@h
@z

¼ 1þ 1
cw

@w
@z

¼ 1þ 1
cw

Du1a
Dz

ð3Þ

The flow of pore water in unsaturated soil can be expressed by Darcy’s law. The
ratio of flow velocity to the hydraulic gradient is called the unsaturated permeability:

ku ¼ � DV
ADt

@h
@z

� ��1

¼ � DV
ADt

1þ Du1a
cwDz

� ��1

ð4Þ

where @h=@z is the hydraulic gradient, v ¼ DV
ADt is the flow velocity, DV is the cumu-

lative outflow volume at the time interval Dt, A is the cross-sectional area of the
specimen, Dz is the thickness of the specimen, and cw is the unit weight of water.

3 Instrument, Materials and Experimental Procedures

3.1 Instrument

The pressure plate instrument is adopted an evaporation compensation system in con-
trast to the conventional instrument. The specimen is a cylinder with a diameter of
54.7 mm and a height of 20 mm. The specimen is tightly attached to the two ceramic
disks during the experiments. The ring cutter guarantees that the gas pressure is applied
around the soil so that the water is trapped in the soil. The increased gas pressure leads to
elevated gas pressure while maintaining the pore water pressure constant; the real-time
volume of cumulative outflow water and the water content of the soil specimen with
high-precision balance are then measured. Notably, the evaporation compensation
system is vital for compensating for the evaporative loss in the cumulative outflow
volume measurement and has a great impact on the test results (Shao et al. 2017).

3.2 Materials and Experimental Procedures

Silicon micro-powder (SMP) and Guangxi Guiping clay (GGC) were used in this
experiment. Table 1 lists their properties. The experimental data of SMP and GGC
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obtained from the two-steps outflow experiments are recorded. The saturated soil
specimen in this experimental study is preprocessed: (1) flush the bubbles from the
exhaust pipe and water pipe, and fill them with air-free water; (2) saturate the ceramic
disk and measure the saturated permeability of the ceramic disk; and (3) install the
saturated soil specimen, and start the dehydration experiment. It should be noted that
the gas pressure can be controlled to apply matric suction step by step. The matric
suction path of SMP is [0 kPa, 40 kPa, 450 kPa]; the matric suction path of GGC is
[0 kPa, 40 kPa, 450 kPa].

4 Results

It can be obtained the relationship between the cumulative outflow volume and time
during this two-steps experiment. And we also can get the relationship between the
volumetric water content and time, and the flow velocity of pore water. The TWCC can
be obtained from this two steps of the outflow process. Comparing the TWCC with the
SWRC, the hydraulic gradient can be obtained by using Eq. (3). Then, the unsaturated
permeability can be derived from Eq. (4).

Figure 2 shows the relationship between the cumulative outflow volume and time
for SMP and GGC. The experimental time is longer with the increase in the matric
suction. Comparison of these two types of soils shows that the testing time of SMP, it
took about 75 h, is much faster than the GGC, which took approximately 217 h.

Table 1. Property parameters of the tested soils

Soil Gs Grains composition, % qd
g/cm3

ks m/s 0.5–
0.25 mm

0.25–
0.075 mm

0.075–
0.025 mm

0.025–
0.005 mm

<0.005 mm

SMP 2.68 1.09e−7 0.90 15.34 43.38 31.45 8.93 1.6
GGC 2.74 4.72e−9 0.00 5.32 30.64 43.51 20.53 1.35

Fig. 2. Relationships between cumulative outflow volume and time for (a) silica micro-powder
and (b) Guangxi Guiping clay
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Figure 3 shows the relationship of the volumetric water content and time for SMP and
GGC. The saturated volumetric water content is 0.401 for SMP, and 0.513 for GGC.
The volumetric water content decrease during each step of the applied constant matric
suction, and tend to stable finally.

Figure 4 shows the TWCC, which demonstrates a decreasing volumetric water
content during each step of the applied constant matric suction. Additionally, the
SWRC is below the TWCC. From the data shown in Fig. 4, we can obtain Fig. 5 by
using Eq. (4), which clearly demonstrates that the range of variation in unsaturated
permeability during each step of the outflow process is positively correlated to the
volumetric water content. The unsaturated permeability is obtained with the two-steps
measurement method proposed by using Eq. (4) in this paper. In the meantime, the
unsaturated permeability can be obtained by Gardner outflow analysis method (1956)
in multistep (more than 2-steps) outflow experiments, the detailed content could be

Fig. 3. Relationships between volumetric water content and time for (a) silica micro-powder and
(b) Guangxi Guiping clay

Fig. 4. Transient volumetric water content curves (TWCC) and static soil water retention curves
(SWRC) for (a) silica micro-powder and (b) Guangxi Guiping clay
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seen in Shao et al. (2017). This two-steps measurement method agrees with the Gardner
outflow analysis method, which have the same ranges of variation for unsaturated
permeability.

5 Conclusions

The data points obtained by the two-steps measurement method in this paper and the
Gardner outflow analysis method have the same ranges of variation. Thus, it can be
concluded that the use of the two-steps measurement method is feasible. Additionally,
it is important to note that it is relatively easy to measure the unsaturated permeability
according to the TWCC and SWRC directly, and test time is greatly reduced compared
with Gardner outflow analysis method in multistep outflow experiments.
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Abstract. Pore-network model is a convenient tool to investigate the
micromechanics of seepage in porous media. Geo-materials are typical porous
media, including the different types of soils and rocks from rock-fill with
mm-scale pores with high connectivity to gas shale with nm-scale pores and
little connectivity. Based on the 2D image from CT or micro-CT technology, the
3D image of soil aggregates/rock matrix and pore structures for different types
of geo-materials were obtained by the advance computational graphics tech-
nology. The pore size distribution and connectivity were derived from the
developed 3D model, which agreed well with the experiment result. The seepage
process was also simulated numerically via the developed micro-mechanics
seepage model, and the pore-scale phenomena was revealed such as preferential
flow. The hydraulic conductivities for various types of geo-materials from
numerical simulation agreed well with the laboratory testing data, demonstrating
the potential capability of pore-network model in hydraulic properties study for
geo-materials.

Keywords: Porous materials � CT images reconstruction
Pore-network model

1 Introduction

In recent years, seepage phenomenon in porous media had been extensively studied
due to its influence in many engineering fields. Water seepage phenomenon caused
damages in most part of mine, rock slope and dam [1], with an annual loss of over 10
billion yuan because of the roads waterlogging phenomenon [2]. Hence, the physical
properties of the porous media and the micromechanics of seepage were thoroughly
studied.

As a typical porous media, geo-materials include different types of soil and rock,
and the size of them covers from rock-fill with mm-scale pores and high connectivity to
gas shale with nm-scale pores and little connectivity. To study the microstructure of the
geo-materials, the existing instruments mainly acquired the micro feature of the
materials by using the technology of CT, MRI or SEM etc. Among the various tech-
nologies, CT technology was fit for extracting the internal characteristics of
geo-materials relying on its high resolution with a pixel resolution of lm-level [3],
quasi real-time property which could be used to create the quasi dynamic changing
process [4], lossless properties that would not affect the geo-material sample when
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scanning [5], and relatively lower cost compared to other technologies. Reconstruction
of the 3D structure of the geo-materials according to 2D CT-images serial would reveal
the micro features of the geo-material obviously, which could be transformed to a
pore-network model further. Pore network, a 3D network consisting of connected
pores/nodes and throats/bonds [6], is widely used to study the macroscopic transport
properties including capillary pressure, relative permeability and residual saturation,
etc. A wide range of the applications such as wettability, multiphase flow dynamics,
hysteresis could all use this model to make further research [7].

2 Existing Research

Since the invention of the first CT machine by Hounsfield in 1972, this technology had
been widely used in the field of medicine, and the scanning time decreased rapidly from
hours to seconds [8]. By 1990 s, the CT technology was used in the geo-mechanics
researches in China [9], and many achievements had been accomplished in the fields of
structure characteristics [10], deformation characteristics [11, 12], fracture development
[13] and pore network [14] of the geo-materials, and pore-network model was going
popular due to its high resolution.

On the other side, pore-network model was considered as an available method to
simulate the real geo-material micromechanics. Lochmann et al. [15] directly analyzed
the changing rules of statistic characteristics when ideal spheres were packed randomly.
Dai Hongqin [16] had designed an algorithm to simulate the real sphere packing. From
the view of reconstructing the pore-network model, Bryant et al. [17] presented one
method to choose the appropriate geometry used in pore-network model construction.
Kantzas and Chatzis [18] proposed a flux equation that was relevant to the porous ratio
and the geometric shape of the porous. Gao et al. [7] presented a hydraulic numerical
simulation of the pore-network model, and a comparison between the prediction per-
meability values the published experimental data had shown good agreement.

3 2D CT-Images Serial Processing

3.1 CT Images Acquirement

CT machine, a scanning and imaging system usually consist of transmitting part,
receiver part and processor part, is able to acquire the inner structure of the sample by
scanning and transmitting rays. The transmitting part is responsible to transmit rays,
mainly X-ray that can be received by receiver part [19]. According to Radon’s proof,
the attenuation ratio called CT number of all the positions could be back-derived based
on the CT images of different angles [20]. After scanning the sample, a serial of CT
images could be obtained, and generally a mapping from 12-bit CT images to 8-bit
gray-scale images was proceeded. The Fig. 1(a) is one typical CT image [21].
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3.2 CT Images Pre-processing

By eliminating noises from data and revising its structure, we can thus further analyze
the data. This procedure is done by applying filtering to the close operation as well as
adjusting a threshold.

Filtering is an operation to retain the specific information of the image. Different
filters can be divided into linear filters and non-linear filters, and generally the image
processed by linear filter such as average filter and Gaussian filter will gain blur edges
due to smoothing of pixels. Hence, an improved Gaussian filter called bilateral filter
was proposed to solve this problem, which could reserve the edges of the image and
remove the noises of it at the same time by dividing the core of the filter into two parts
named spatial kernel and range kernel, described as Eq. 1 [22]. xðx; yÞ is the spatial
kernel meaning the spatial distance, and /ðgðxÞ; gðyÞÞ is the range kernel meaning the
intensity differences. f and g are input and guidance image separately.

~f ðxÞ ¼
R
X xðx; yÞ/ðgðxÞ; gðyÞÞf ðyÞdyR

X xðx; yÞ/ðgðxÞ; gðyÞÞdy ð1Þ

The effect of the operation is shown at Fig. 1(b). This is not hard to see that the
frequency noises, which are shown as black dots in white particles, have not been
cleared completely. One of the morphology operation called close operation was
efficient to exclude the tiny hole in the image. Close operation is a compound operation
combined with a dilation operation followed by an erosion operation. After processing
this operation, tiny holes had been excluded mostly. Then a thresholding was pro-
ceeded to the image, which gave the result shown as Fig. 1(c).

When the image serial had been proceeded entirely, a 3D model of the sample
could be reconstructed easily by interpolation. Figure 2(a) displays a 3D model of the
CT data from Blunt et al. [23].

4 Pore-Network Model Construction

4.1 Segmentation of Model

The particles are sticky in the image shown in Fig. 2(a) due to the reason of particles
deformation and projection direction, which will lead to a failure to divide different

Fig. 1. (a) The origin image outputted from CT. (b) The image proceeded by bilateral filter.
(c) The image proceeded by close operation and thresholding.
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particles by common distinguish methods such as connected domain detection. This
article used weight reserved erosion-dilation method to process the segmentation, and it
bases on normal erosion-dilation method.

The weight reserved erosion-dilation method appended a weight for each pixel that
represented the core-level, in other words the erosion times of the pixel. Larger was the
weight, more central was the position. According to this weight, one pixel could be
easily determined which domains it belonged. The segmentation result was shown in
Fig. 2(b).

It was quite clear that different particles had been segmented to corresponding
region, which meant the segmentation result was acceptable. The flow diagram of the
method is shown in Fig. 3.

Fig. 2. (a) The 3D structure reconstructed by the CT images serial. (b) One sliced layer after
segmentation. (c) Two sample tetrahedron produced by Delaunay tessellation.

Fig. 3. The flow diagram of the weight reserved erosion-dilation method.
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4.2 Pore-Network Structure Extracting

Since all the particles had been segmented, it could be considered as the packing of the
geo-material particles. Here, the Delaunay tessellation was used to describe and sim-
plify the structure, which gave a subdivision of the total space into a set of tetrahedral
volumes. The volumes represented the void of the packing and the vertices represented
the particles, here the centroids of particles were used (see Fig. 2(c)).

Delaunay tessellation produced a convex tetrahedron tessellation, and as the result
there were lots of invalid tetrahedrons on the surface of the tessellation, where “invalid”
meant voids were directly connected to outer space. Hence, a subtraction from the
tetrahedrons set was proceed after the tetrahedrons were divided. Once the invalid
tetrahedrons had been eliminated, the pores of the structure could be extracted right
away. Here an approximation was used in the model: the pores of the structure could be
abstracted as the maximum balls which was able to be inscribed into the void of the
tetrahedrons, and the other part of the void be abstracted into a tube to connect pores.
Due to the irregularity of the particles shape, the extraction algorithm used a global
optimum method instead of a local optimum method to search for the maximum
inscribed spheres. Here SCE-UA method [24] that represented the global optimum
method and simplex method [25] that represented the local optimum method were both
used to find the maximum inscribed balls, and the result showed the local optimum
method could not find the maximum value with very high probability, which revealed
the limitation of the simplex method.

It could be recognized that some pores were close enough to merge them together.
According to Gao et al. [7], The connection situations between two neighbor pores were
divided into 3 levels (see Fig. 4). The first situation gave two separate pores and a pore
throat to connect them; The second situation two pores were connected directly, while
there was still a narrow throat between two pores; The third situation showed two pores
that seemed like one pore because the centers of which was close enough to combine with
each other. The third situation made the pores own a higher coordination number more
than 4, which was closer to the reality. Three situations met the Eqs. 2–4 respectively,
in which R1 and R2 are the radii of two pores, and d is the distance of the centers.

d[R1 þR2 ð2Þ
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
R2
1 � R2

2

q
\d�R1 þR2 ð3Þ

d�
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
R2
1 � R2

2

q
ð4Þ

Fig. 4. Three typical connection situations for two pores.
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5 Analysis of the Model

To analyze the distribution of the pore radius and the coordination numbers, the CT
image data from Blunt et al. [23] was used to extract the pore-network structure.
Figure 5(a) shows one typical pore radius distribution, which accorded well with the
gamma-distribution fitting line. Using PFC3D to simulate the randomly packing of the
spheres, the pore radius distribution accorded with the same fitting line as well (see
Fig. 5(b)). Similarly, the coordination number of the structure was shown as Fig. 5(c).
Here, the coordination number means the amount of connections one pore connected to
others.

As it is shown, the differences between the statistic coefficients of the reconstruc-
tion model and the simulation model was small. According to Blunt et al. [26], the
water-mechanics properties would vary small if the geometry statistic parameters of the
pores were determined. Hence, the developed micromechanics seepage model could be
used to process the seepage simulation.

Simulating the single-phase flow in the model gave the predicted permeability of
the structure, which could be indirectly compared by published experiment data. The
permeability results predicted by the pore-network models reconstructed by CT images
from Blunt et al. [23] are shown in Table 1.

Some researchers had given results for the relationship between the permeability
and pore size, like Wyllie et al. [27] and Chu et al. [28]. The experiments were
proceeded in packing structure, and a constant head permeability experiment was
conducted. Plot the result with the CT images models together (see Fig. 6), and one
fitting line appears with R2 = 0.9976, which indirectly proved the correctness of the
model to some extent, demonstrating the potential capability of pore-network model in
hydraulic properties study for geo-materials.

Fig. 5. (a) Pore radius distribution of reconstructed model. (b) Pore radius distribution of
simulated model. (c) Pore coordination number distribution of two models.

Table 1. Parameters of the pore-network models and corresponding permeability results.

ID Ave. particle
radius (mm)

Porosity
rate (%)

Ave. pore
radius (mm)

Ave. pore
Coordination Num.

Permeability
(lm2)

F42A 0.2077 32.72 0.0805 4.26 152.48
F42B 0.1970 33.80 0.0773 4.27 146.98
F42C 0.1934 33.31 0.0743 4.26 144.54
LV60A 0.1394 37.85 0.0560 4.29 85.57
LV60C 0.1331 38.57 0.0546 4.29 77.62
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6 Summary and Conclusion

A construction method to extract the pore-network model from CT images serial was
presented, and the single-phase flow simulation was proceeded to predict the perme-
ability of the structure, which agreed well with the laboratory testing data. A segmen-
tation method named weight reserved erosion-dilation method was presented to solve
the problem of sticky particles, and a global optimization method was found required
when searching for the maximum inscribed spheres as the abstract pores in
pore-network model. Therefore, the model could be used to simulate the single phase
flow to predict the permeability of the structure. The simulated permeability results
were compared with the published experiment results, and an indirect validation was
proceeded by determining the relationship between the permeability and pore radius.
The comparison showed the credibility of the model, and more rules could be found by
making use of the pore-network model to other fields.

References

1. Zhou, H., et al.: Modeling research on the response of geoelectric fields in a porous media
seepage process. J. Geophys. Eng. 14(2), 408–416 (2017)

2. Tao, Y.: Seepage and stability analysis of coarse grained soil embankment slope under the
condition of rainfall. Changsha University of Science and Technology, Changsha (2013)

3. Vicent, V., et al.: A new method developed to characterize the 3D microstructure of frozen
apple using X-ray micro-CT. J. Food Eng. 212, 154–164 (2017)

4. Qin, Y., et al.: A quasi real-time approach to investigating the damage and fracture process in
plain concrete by X-Ray tomography. J. Civ. Eng. Manage. 22(6), 792–799 (2016)

5. Thali, M.J., et al.: VIRTOPSY - Scientific documentation, reconstruction and animation in
forensic: individual and real 3D data based geo-metric approach including optical
body/object surface and radiological CT/MRI scanning. J. Forensic Sci. 50(2), 428–442
(2005)

6. Song, W., et al.: Assessing relative contributions of transport mechanisms and real gas
properties to gas flow in nanoscale organic pores in shales by pore network modelling. Int.
J. Heat Mass Transf. 113, 524–537 (2017)

7. Gao, S., et al.: Two methods for pore network of porous media. Int. J. Numer. Anal. Meth.
Geomech. 36(18), 1954–1970 (2012)

Fig. 6. Relationship between permeability and pore average radius.

242 L. Hu et al.



8. Shuangli, T.: New advances of multislice spiral computed tomography. CT Theory Appl.
14(4), 50–53 (2005)

9. Li, X.: A research for reprocessing the data of rock and soil material CT text for the degree of
master of engineering. Changjiang River Scientific Research Institute, Wuhan (2012)

10. Li, C., et al.: 3D mesh generation for soil-rock mixture based on CT scanning. Rock Soil
Mech. 35(9), 2731–2736 (2014)

11. Jiang, J., et al.: CT triaxial rheological test on coarse-grained soils. Rock Soil Mech. 35(9),
2507–2514 (2014)

12. Cheng, Z., et al.: Application of CT technology in geotechnical mechanics. J. Yangtze River
Sci. Res. Inst. 28(3), 33–38 (2011)

13. Sun, H., et al.: 3D identification and analysis of fracture and damage in soil-rock mixtures
based on CT image processing. J. China Coal Soc. 39(3), 452–459 (2014)

14. Cheng, Y., et al.: Three-dimensional reconstruction of soil pore structure and prediction of
soil hydraulic properties based on CT images. Trans. Chin. Soc. Agric. Eng. 28(22),
115–122 (2012)

15. Lochmann, K., et al.: Statistical analysis of random sphere packings with variable radius
distribution. Solid State Sci. 8(12), 1397–1413 (2006)

16. Hongqin, D.: The Research on Sphere Random Packings and Packing Structure. Soochow
University, Suzhou (2011)

17. Bryant, S.L., et al.: Network model evaluation of permeability and spatial correlation in a
real random sphere packing. Transp. Porous Media 11(1), 53–70 (1993)

18. Kantzas, A., Chatzis, I.: Network simulation of relative permeability curves using a bond
correlated-site percolation model of pore structure. Chem. Eng. Commun. 69, 191–214
(1988)

19. Gao, L., Chen, W.: The Application and Prospect of CT. CT Theory Appl. 18(1), 99–109
(2009)

20. Xianchao, W.: Research on Local Reconstruction Algorithm of CT Images. PLA
Information Engineering University, Zhengzhou (2013)

21. Wenli, Y.: Research on the Techniques for 3D Reconstruction and Visualization of Slicing
Image Sequence of Granular Soil. Huazhong University of Science and Technology, Wuhan
(2012)

22. Yang, K., et al.: Fast bilateral filtering using the discrete cosine transform and the recursive
method. Optik 126(6), 592–595 (2015)

23. Imperial College London. http://www.imperial.ac.uk/earth-science
24. Kan, G., et al.: Accelerating the SCE-UA global optimization method based on multi-core

CPU and many-core GPU. Adv. Meteorol. (2016)
25. Lagarias, J.C., et al.: Convergence properties of the nelder-mead simplex method in low

dimensions. SIAM J. Optim. 9(1), 112–147 (1998)
26. Bryant, S., Blunt, M.: Prediction of relative permeability in simple porous-media. Phys. Rev.

A 46(4), 2004–2011 (1992)
27. Wyllie, M.R.J., Gregory, A.R.: Fluid flow through unconsolidated porous aggregates - effect

of porosity and particle shape on kozeny-carman constants. Ind. Eng. Chem. 47(7),
1379–1388 (1955)

28. Chu, C.F., Ng, K.M.: Flow in packed tubes with a small tube to particle diameter ratio.
AIChE J. 35(1), 148–158 (1989)

Pore-Network Model for Geo-Materials 243

http://www.imperial.ac.uk/earth-science


Laboratory Dissolution Experiments
of Internal Erosion in Sandy Soil:
Underground Cavities and Piping

Yang Yang1,2(&), Chao Xu1,2, and Samanthi Indiketiya3

1 Department of Geotechnical Engineering, Tongji University,
Shanghai 200092, China

2011yang@tongji.edu.cn
2 Key Laboratory of Geotechnical and Underground Engineering of Ministry

of Education, Tongji University, Shanghai 200092, China
3 Institute of Industrial Science, The University of Tokyo,

Tokyo 153-8505, Japan

Abstract. Loss of soil particles due to mineral dissolution, degradation or
internal erosion can lead to a change in the microstructure of soil, which as a
result, affects the strength and stiffness of soil. This paper presented an approach
to investigate the behavior of granular soil subjected to local particle removal by
introducing a certain amount of erodible particles. Through sufficiently long
period of water flushing, internal erosion was simulated by dissolution of glu-
cose shaped in block/pipe, in representing underground cavities and piping.
A series of model tests were conducted, and the formation of cavity/piping was
recorded by digital images from the front of the soil chamber. Extent of loos-
ening during the propagation of erosion and changes in local strength at
post-erosion state were obtained by conducting penetration tests.

Keywords: Internal erosion � Dissolution � Particle loss � Cavity
Penetration test

1 Introduction

During the last few decades, disasters of soil erosion associated with ground cave-ins
and piping have been increased remarkably. On Oct. 2016, a massive sinkhole accident
occurred in front of station in Fukuoka, spanning the entire length of the four-lane road.
According to the reports, deterioration of the sewer systems underground has been
considered as one of the crucial reason for the cave-in. It is said that a large portion of
sewer networks in Japan, which covers 460,000 km nationwide, are exceeding 40 years
of service life and could cause enormous problems such as road subsidence and ground
cave-ins in near future due to self-defects [1]. On the other hand, piping-triggered
hydraulic failures and landslides have also been commonly observed in plenty of
countries, particularly in rainy season [2, 3]. Such internal erosion in the form of an
enlarged preferential channel through which continuous migration of soil particles
takes place under seepage force is responsible for over half of dam failures, based on
the investigation by Foster et al. [4].
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In both of the sink holes and piping phenomena, internal erosion of soil is initiated
by locally concentrated particle loss. Previous laboratory studies concerning soil ero-
sion could be divided into two types. One is to trigger the erosion inside the specimen
through particle dissolution by mixing water soluble material such as salt or sugar [5,
6]. The other is to flush particles with certain size from the modified apparatus. For
example, by replacing the traditional pedestal in triaxial apparatus with the one on
which small holes are distributed, fine particles could be washed out during water
infiltration [7, 8]. In these experimental studies, the weakened mechanical behavior of
soil was repeatedly stated, which was mainly attributed to the increase in void ratio and
decrease of particle contact. However, it should be noted that erosion consequences in
specimen of uniform sand-salt mixtures or specimen suffered with fine particle loss are
different from that in cavity/piping. When soil is subjected to local erosion, signifi-
cantly anisotropic fabric would be generated due to the discontinuities along the ero-
sion path.

Up till now, little research work has been done addressing properties of
non-uniform soil at post erosion state, and questions still arise as to how the concen-
trated particle removal would affect the mechanical behavior of soil. In this study, in
order to simulate internal erosion in the form of underground cavity and piping, glucose
in the shape of cube and column was installed into Toyoura sand respectively. By
injecting enough water into the soil, erosion was reproduced. Through a series of model
test, migration of soil particles during erosion and variations in strength properties of
soil after erosion were evaluated.

2 Laboratory Model Tests

2.1 Test Apparatus

Figure 1 shows the apparatus for laboratory experiments that allows visual observation
of the model ground through the transparent acrylic wall of the soil chamber. The
chamber is 300 mm in width, 200 mm in height and 80 mm in thickness. Besides,
there are two side chambers and a bottom acrylic chamber, consisting of the main part
of the apparatus.

The main chamber and the side chamber are separated by the steel wall, on which
small holes in diameter of 4 mm are distributed uniformly. These holes would be
partially covered by stick tape during the test, and those open ones serve as the exit of
the seepage. The drained water, coming out from the opened holes, is then collected in
the side chambers. Outlet tubes are fixed at the bottom of the side chambers in order to
discharge the water.

The bottom acrylic chamber is connected to the bottom plate of the soil chamber,
with an input control valve connected to the water supply. After the bottom chamber is
full filled with water, drainage is then allowed through a small aperture in the base plate
with width of 5 mm and length of 50 mm. Upon the aperture filter paper in the right
size is covered to prevent washing out of sand particles.
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2.2 Test Procedure

Toyoura sand was used in this study, which was fine-grained and uniformly graded
sand with sub-angular particles. The index properties of the sand are Gs = 2.64,
emax = 0.992, emin = 0.678.

For test cases simulating underground cavity, a cylindrical glucose block was
placed at the bottom the chamber firstly, which was casted by compacting glucose paste
in a mould. The paste was produced by mixing the dry powder of glucose with around
5% of water (by weight). After that, dry Toyoura sand was poured into the soil chamber
using a funnel with appropriate opening. By adjusting the pouring height between top
surface of the sand and the tip of the funnel opening, the density of the specimen could
be varied. It is noted that filter paper together with the porous stone was put at both
bottom and top of the sand specimen so as to achieve a more uniform seepage.

As for the cases simulating piping erosion, a plastic straw with the outer diameter of
14 mm was placed at the center of the cross-section of the soil chamber, with the top
end impaled by a fine wire. Then the top opening of the pipe was covered and the wire
was fixed to the side chambers through the holes on it. Similarly, the sand was plu-
viated until the decided height. Then the plastic straw was open and dry glucose
powder was filled into the pipe with great care. Finally, the straw was slowly so as to
minimize disturbance to the surrounding sand.

After the completion of the model ground, the inlet valve was open and water was
infiltrated into the soil chamber from the bottom plate at the rate around 20 ml/min, in
order to dissolve the glucose and induce the erosion. After water level reached the
surface of the soil, constant water head was maintained by draining out the overflow
water from the open holes on both the side walls. Deformation of sand was recorded by
digital images taken from the front of the soil chamber. The penetration stopped till
near 10000 ml of water discharge, and the soil model was left for 20 min to stabilize.
Then drainage was allowed from the bottom acrylic chamber.

After leaving the soil samples for one day, laboratory penetration tests were con-
ducted to evaluate the variation in stiffness of the model ground. Figure 2 illustrated the

Fig. 1. Apparatus for laboratory model test simulating cavity/piping erosion.
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testing device. It mainly consists of an external displacement transducer (EDT), a load
cell and a metal stick (3 mm in diameter) mounted below. During the test, the metal
stick was penetrated from the surface to the bottom of the soil samples slowly and
automatically, and the penetration resistance as well as depth was measured by the load
cell and EDT respectively. The results were recorded automatically at 0.1 s intervals. In
total five points with different distance from the center were tested, and all the mea-
sured points were located along the center line of the cross-section of the specimen,
seen in Fig. 3.

2.3 Test Conditions

In total five test cases were performed. In the first two cases, glucose pipe was placed in
the center to study the effect of piping erosion. The relative densities Dr in each
scenario were around 35% and 80% for representing the loose and dense ground. In the
other two cases, underground cavity was simulated by introducing the glucose block in
different sizes into the model ground with Dr around 80%. Besides, another experiment
was performed in dense colored sand mixed with 20% DL clay, with glucose pipe
placed next to the front wall of the chamber in order to observe the migration of fines
during erosion.

3 Test Results and Discussions

Through the above model tests, the new experimental approach of developing artificial
local erosion in uniform grain sand was achieved. Meanwhile, important factors
including the soil density, erodible particle volume and fines content on the extent of
disturbance and effect of ground loosening were discussed.

Fig. 2. Apparatus for penetration test
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3.1 Piping Simulation

Figures 3 and 4 showed the test results along the height of the model ground for the
two test cases simulating piping erosion. The penetration resistance was acquired at five
points as illustrated in the figures, and the distances from the measuring points to the
center point (C) are 18.75 mm, 37.50 mm, 75.00 mm and 113.50 mm for points R1,
L1, R2 and L2, respectively. By comparing the two cases, it could be observed that
penetration resistance in dense sand showed nearly twice times larger value than that in
loose sand.

In both cases, accompanying the progress of penetration, resistance started to
increase from ground surface till the bottom, except for point C which was in the center
of the model ground. The rather limited resistance measured in point C implied that
erosion was generated successfully, i.e. concentrated voids were located following the
glucose pipe. On the other hand, it was observed that there was some difference in the
resistance between L2 and R2, where the ground loosening was thought to be negli-
gible. The possible reasons for this result might lie in the fact that at the moment of
penetration test the moisture distribution was non-uniform.

By defining the reduction ratio R as the proportion of difference in penetration
resistance between the measuring point and the point nearest to the chamber wall (L2),
the range of piping-influenced area due to loss of glucose could be evaluated. It was
found that R for point R1, L1 and R2 were around 46%, 21% and 11% in loose sand,
and in dense sand, they were 34%, 35% and 21%. Given the same amount of initial
glucose, such difference indicated that during the generation and propagation of piping
erosion, the scope of disturbance was affected by the sand density. In specimen with
lower density, loosening effect might spread to a wider area due to the weaker internal
contacts, i.e., sand particles were more likely to migrate or collapse into the eroded
voids.

3.2 Cavity Simulation

For observation purpose, thin colored sand layers were used to separate each 2 cm
Toyoura sand layer in the two dissolution tests on cavity simulation. Similarly, the

Fig. 3. Penetration test in dense sand (piping) Fig. 4. Penetration test in loose sand (piping)
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model was tested for penetration resistance through five different profiles representing
the center, left and right side of the cavity to evaluate the strength variation. Figures 5
and 6 show the model ground aft post-erosion state and the penetration results of the
two cases where glucose block in different sizes were placed in the dense Toyoura
sand. In Fig. 5, the rectangular cross section for the glucose block was 20 mm in height
and 30 mm in length, while in Fig. 6, it was 10 mm in height and 20 mm in length.

In both test cases, penetration resistance increased from ground surface and then
decreased. By defining Hmax as the height from bottom where differences in penetration
resistance were observed among all measuring points, the extent of the disturbance
caused due to the loss of glucose block could be compared. As could be seen in the
following figures, the value of Hmax was larger in the model with larger glucose block
than the smaller one. Besides, the value of resistance showed more scatter in the test
cases with larger glucose block. These facts implied the more severe migration and
rearrangement of sand particles when the ground was suffered large portion of particle
loss. It could also be found in Fig. 5 that obvious subsidence of the sand reached over
60 mm in height, which was 3 times larger than the height of initial glucose block.

Figure 7 shows the dissolution test conducted with sand containing fine particles.
The migration of fines after the disappearance of glucose was rather obvious, along
with certain settlement of the model ground. Compared with Figs. 5 and 6, it could be
observed that the loosened effect in cavity erosion transferred and propagated in a

Fig. 5. Penetration test in dense sand with larger glucose block (cavity simulation)

Fig. 6. Penetration test in dense sand with smaller glucose block (cavity simulation)
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wider range in the dense sand in vertical direction than in horizontal, due possibly to
the influence of direction of water seepage and self-weight.

4 Conclusions

This paper presents a preliminary experimental approach for investigation of soils
subjected to internal erosion of concentrated particle loss. As a first step, the glucose
was just applied within a segment of the soil specimen in this study, representing a
relative simple case. Still, the spatial distribution of glucose to the mechanical behavior
of soil must be further studied.

Based on the current research, it was observed that propagation and expansion of
internal erosion of soil were influenced by the soil density and the amount of soluble
material. A larger extent of loosening effect and disturbance were observed in loose soil
than dense soil. Penetration resistance showed great reduction due to particle loss.
Piping erosion migrated mainly in the horizontal direction while loosening transferred
vertically in the case of underground cavity. During water infiltration, abrupt collapses
of the soil sitting upon cavities due to self-weight and the relocation of soil particles
under the seepage force were commonly observed, indicating an unpredictable struc-
ture of soil subjected to local particle loss.
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Abstract. Over the last few decades, a particular number of existing dams in
Iran have required rehabilitation to improve the water sealing system perfor-
mance. This paper aims to thoroughly investigate the effect of the cutoff wall
position on the seepage behavior of an existing earthfill dam with an inclined
core. Several conditions are considered for the permeability and depth of a dam
foundation. Then, for each condition, the remedial cutoff wall is imposed in dam
at various locations and the seepage pattern and magnitude through the foun-
dation is analyzed via finite element GeoStudio SEEP/W software.
The analyses results show that if the cutoff wall is not connected to a lower

impervious layer of foundation, the effects of the cutoff wall position variations
on the seepage value are insignificant. However, if the cutoff wall is constructed
at the dam heel, minimum seepage occurs. When the cutoff wall covers the
whole of pervious foundation, the seepage through foundation is fully corre-
sponded to the cutoff wall position. Minimum seepage is observed in cases
where the cutoff wall is constructed from the dam crest. Besides, in foundation
with higher permeability, the effect of the cutoff wall position on the seepage is
more significant.

Keywords: Remedial cutoff wall � Inclined clay core � Earthfill dam
Seepage analysis � Rehabilitation

1 Introduction

Today, dams play a prominent role in human cavitation. They supply water and energy,
and account for major infrastructures. Any defects and shortages in dams and associ-
ated hydraulic structures can result in dam malfunctions and catastrophic conse-
quences. Despite its long history in construction and operation, dams face unfortunate
problems. One of the current problems in the earthfill dam operation process is the
presence of extra seepage in the dam’s body and foundation. This problem arises from
either, shortages in the seepage barrier system during design stages or other con-
struction problems [1].
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In some cases, defects in the seepage barrier system of a dam body and foundation
emerge as a result of phenomena [2] like the existence of evaporative materials in a
dam clay core or foundation. The high susceptibility of these materials to the solution
may lead to dissolution and enhance the permeability of the dam core or foundation [3,
4]. Other infective factors, such as the internal erosion of clay core material [5] and
fracturing can lead to extra seepage or relevant problems [6]. There are many cases
worldwide where the presence of extra seepage in the dam body and foundation caused
a total collapse of the dam [1].

In order to solve the extra seepage problem in clay core earthfill dams, a new
remedial cutoff wall is constructed through the dam body and foundation. Remedial
cutoff wall selection in an earthfill dam with an inclined core becomes more critical due
to the unsymmetrical shape of the existing clay core. This paper aims to thoroughly
study seepage behavior in an inclined core earthfill dam, which is rehabilitated by a
remedial cutoff wall. To this end, the remedial cutoff wall effect on seepage behavior in
the foundation and body of the dam is determined by conducting a 2-D finite element
seepage analysis.

2 Numerical Modeling

The GeoStudio 2004 software is used to conduct a 2-D finite element analysis of
seepage. This software is a powerful means to analyze saturated and unsaturated flow
in porous media, and is widely used in the seepage analysis of dams [7].

The numerical model consists of a zoned earthfill dam with a defected inclined clay
core. Weakness in the clay core increases the permeability of the clay core to about
1000 times greater than the common value of the intact impervious condition. The
selected outer face slope of the dam body is 1V:3H. The height and crest width of the
dam are about 40 and 5 m, respectively.

The dam foundation consists of a one-layer alluvium that is 60 m deep and is
located on an impervious bedrock. At its current state, there is no seepage barrier
system in the foundation.

A 1-m thick remedial cutoff wall is constructed inside the dam body, and extended
to the foundation to improve the current earth fill dam performance, and decrease
seepage in the dam body and foundation. Figure 1 illustrates that the remedial cutoff
wall in the dam body, denoted by x, is varied and located at a different distance from
the downstream corner of the dam crest. The values include x = 0, 5, 15, 25 and 45 m.
In the cases x = 0 and x = 5, the remedial cutoff wall is constructed from the dam crest
and across the current defected clay core. However, for other cases of x, the remedial
cutoff wall is constructed from the upstream face of the dam. Complete water sealing of
the dam body is achieved by covering the dam slope face between the remedial cutoff
wall and the dam crest with an impervious 1-m thick slab. In cases where the distance
of x is greater than 15 m, the remedial cutoff wall is only crossed through the dam shell
and out of the inclined clay core. As a result, there is no interaction between the current
clay core and the remedial cutoff wall. The cutoff wall has different depth in foundation
to address the embedment effect of the cutoff wall. The embedment depth of the cutoff
wall from a horizontal natural ground level (denoted by d) is 20, 30, 50 and 60 m.
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In the case of the d = 60 m embedment depth, the remedial cutoff wall not only covers
the entire alluvial layer, but is also connected to the lower impervious bed rock layer.
However, in cases where the embedment depth (d) is less than 60 m, the cutoff wall
only partially covers the foundation, and floats within the foundation. The values of
permeability of materials used in the numerical model are summarized in Table 1.

3 The Analysis Results

Figure 2 illustrates the seepage analysis results, including seepage paths and phreatic
lines of three cutoff wall locations for dams rehabilitated by the 20 m deep embedment
remedial cutoff wall. The hydraulic head fall occurs in the cutoff wall when the remedial
cutoff wall is constructed at the top of the dam crest (i.e. x = 0) and overlapped with the
current clay core. As a result, the inclined clay core at the upstream of the cutoff wall is
completely submerged and hydraulic head in clay core placed under the equilibrium
with the reservoir. In other words, the existing clay core does not contribute as much to
the hydraulic dissipation of the pore water pressure raised from seepage.

In contrast, when the remedial cutoff wall is constructed at the upstream face of the
dam (x = 15 m), the phreatic line pattern in the dam body is also somewhat changed.
As seen in Fig. 2-b, most of the hydraulic head dissipation occurs in both the imper-
vious face and the cutoff wall. However, despite weakness area in the dam core, the
current clay core material is relatively impervious compared to the shell material.
Hence, some of the hydraulic head fall occurred in the current clay core. The move of
the cutoff wall location towards the dam heel increases the hydraulic head dissipation in
the upstream impervious slab. Most of the hydraulic head fall occurred in the upstream

x

d

Fig. 1. The definition of cutoff wall location (x) and embedment depth (d)

Table 1. The permeability of materials in numerical model

Material name Permeability (m ⁄s)

Foundation 10�4

Inclined core in defected condition 10�5

Remedial cutoff wall 10�8

Filter 10�4

Upstream impervious slab 10�7

Shell 10�2
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face rather than the cutoff wall. Moving the cutoff wall position along the upstream
slope of the dam does not significantly influence the general shape of the phreatic line
within the dam body. Furthermore, the form and height of the hydraulic head in the
remedial cutoff wall was similar for the different remedial cutoff wall locations. Due to
the fact that the cutoff wall embedment depth was less than the full depth of the
foundation layer, some discharge was observed in the foundation zone beneath the
cutoff wall. Parts of the seepage discharge in the foundation flowed upward and entered
the dam shell after passing the cutoff wall axis. This caused a slight flow in the
downstream shell, and sketched the flow path from the dam foundation to the down-
stream shell. The water flow in the downstream shell causes that the hydraulic head
falls at a slight rate until it reaches the zero pressure head in the downstream ground. As
a result, the cutoff wall floats in the alluvial layer and is not connected to the lower
impervious layer. A horizontal drainage layer should be constructed to separate the
downstream shell from the foundation, and avoid extra foundation seepage into the
downstream shell.

Figure 3 illustrates the seepage analysis results of cases where the remedial cutoff
wall fully covers the foundation (d = 60 m). Similar to previous analysis cases, the
upstream impervious slab and remedial cutoff wall play a very distinctive role in pore
water pressure dissipation of the seepage flow. However, in contrast to the partially
embedded cutoff wall, when the cutoff wall fully seals the foundation depth, seepage
does not occur in the dam core and downstream shell, making the phreatic line hori-
zontal in the clay core. Moreover, the seeped water in the foundation directly flows
towards the downstream natural ground, and water is prevented from entering the
downstream shell.

(a) 

(b) 

(c) 

Fig. 2. The phreatic line and flow path for analysis cases with partially embedded cutoff wall of
d = 20 m and various locations for cutoff wall; (a) x = 0, (b) x = 15 m and (c) x = 45 m.
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4 The Effect of Cutoff Wall Location on the Seepage

Figures 4 and 5 illustrate the seepage discharge graph as calculated for all the analysis
cases of the dam body and foundation, respectively. As seen, the seepage graph for the
full depth embedded cutoff wall has different form from the seepage graph of partially
cutoff walls. In cases where the remedial cutoff wall did not extend to the lower
impervious bedrock foundation layer, the minimum seepage through the dam body
occurred when the cutoff wall was constructed at the center of the dam crest (x = 5 m).
Moving the cutoff wall upstream thereafter, considerably decreased the effectiveness of
the remedial cutoff wall, and allowed the flow of more water through the dam. If the
cutoff wall is constructed at the downstream corner of the crest (x = 0), the cutoff axis
is located outside of the clay core, and the overlap between the two elements greatly
reduces. Thus, remediation is less effective, and water flux is increased through the
dam. Increasing the cutoff distance by more than 5 m leads to hydraulic head dissi-
pation in the existing clay core, and water flow in the dam core. As earlier mentioned,
some of the seepage discharge in the foundation is entered into the downstream shell,
which in effect enhances the flux of the dam body. The partially embedded cutoff wall
gives maximum performance at x = 5 m.

However, when the cutoff wall fully covers the foundation layer, there is less water
flow through the dam body. In this case, the minimum discharge in the dam body
occurs when the cutoff wall is constructed at mid- height of the upstream dam slope
(i.e. x = 25 m). The remedial cutoff wall of other locations has an insignificant flux
variation through the dam body, and is not considerably affected by the cutoff wall
location.

The full or partial embedment of the remedial cutoff wall directly affects the
seepage flux through the foundation. As seen in Fig. 5, full embedment of the cutoff
wall in the foundation significantly decreases the flux. The minimum flux occurs in a

(a) 

(b) 

(c) 

Fig. 3. The phreatic line and flow path for analysis cases with fully embedded cutoff wall of
d = 60 and various locations for cutoff wall; (a) x = 0, (b) x = 15 m and (c) x = 45 m.
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case that cutoff wall locates of x = 5 m from the dam crest. There is a slight increase in
the foundation flow due mainly to a decrease in the water flow path of the foundation.

Contrary to full embedment, there is more water flow when the remedial cutoff wall
only partially covers the foundation. In this research, due to the partial seal of the
foundation with the water barrier system, the water flows freely in the foundation. As a
result, neither the embedment depth nor the cutoff wall location significantly influences
the seepage flux.

5 The Critical Gradient in the Remedial Cutoff

Due to the large contribution of the remedial cutoff wall in the hydraulic water head
dissipation, the cutoff wall suffers a larger gradient. If the maximum gradient imposed
on the cutoff wall exceeds the critical limit, the likelihood of erosion in the cutoff wall
material increases, and may be lead to defects in the cutoff wall. It is therefore essential
to determine the maximum value and location of the critical gradient in the cutoff wall
when designing cutoff wall specifications. Figure 6 illustrates the gradient profile along

Fig. 4. Seepage discharge through dam body for all analysis cases, where the remedial cutoff
wall has different embedment depths (d) and distance from the dam crest (x)

Fig. 5. Seepage discharge through the foundation for all analysis cases, where the remedial
cutoff wall has different embedment depths (d) and distance from dam crest (x)
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the remedial cutoff walls with a 30 m deep embedment. The trend on the gradient graph
is similar for all cutoff wall locations, except the maximum gradient depends on the
cutoff wall location. The gradient within a part of the cutoff wall, located inside the dam
body is linearly increased, and the maximum gradient is imposed on the cutoff wall at
an elevation equivalent to the interface between the dam body and foundation top. By
increasing the embedment depth of the cutoff wall inside the foundation, the gradient
gradually decreases. The maximum gradient varied between 27 for x = 25 m and 33
for x = 5 m. Since the maximum performance of the remedial cutoff wall in reducing
the flow through the dam body occurred at the x = 5 location, the cutoff wall expe-
rienced a greater fall in the hydraulic head, and thus the maximum gradient is attained.

Figure 7 illustrates the gradient profile of fully embedded cutoff walls. Similar to
the partial embedded cutoff wall, the gradient in the cutoff wall located inside the dam
body linearly increases with depth. However, in contrast to the partial embedded cutoff
wall, the gradient is same value in a zone that the cutoff wall is located inside the
foundation. It is noteworthy that the situation of the cutoff wall from the dam crest does
not significantly impact the maximum gradient in the fully embedded cutoff wall. This
implies that if the cutoff wall totally covers the foundation, the cutoff wall undergoes
uniform gradient along the embedment depth in the foundation, regardless of the cutoff
wall location.

Fig. 6. The gradient graph along the remedial cutoff wall with an embedment depth of d = 30 m

Fig. 7. The gradient graph along the remedial cutoff wall with embedment depth of d = 60 m
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Figure 8 compares the maximum gradient of the cutoff walls and their different
embedment depths and locations for all analysis cases through a maximum gradient
graph. As seen in the figure, fully embedded cutoff walls, as opposed to partially
embedded cutoff walls, are completely sealed against water flow in the foundation, and
the large gradient is imposed in the cutoff wall. Increasing the cutoff wall depth among
partially embedded cutoff walls on the other hand, enhances the sealing performance of
the cutoff wall, and increases the gradient within the cutoff wall. The effect of the cutoff
wall location on the maximum gradient is more observed in the cutoff family with the
shallowest embedded depth (i.e. d = 20 m). Similarly, the greatest gradient imposed in
the cutoffwall is observed in the x = 5 m location.As earlier stated, thewaterflux through
the dam foundation in this cutoffwall location isminimumbecause of a greater gradient of
water in the cutoff wall. Hence, it can be said that among the partially embedded cutoff
walls, the cutoff wall constructed at x = 5 m has the best sealing performance.

6 Conclusion

This paper attempted to thoroughly investigate the effects of embedment and remedial
cutoff wall location on sealing performance. The findings of this paper are summarized
as follows:

– A greater part of the hydraulic head dissipation in both the impervious face and
cutoff wall occurred when the remedial cutoff wall was partially embedded in the
foundation. However, a slight fall of the pore water pressure occurred in the clay
core. As a result, parts of the seepage flow in the foundation entered the dam shell
after passing the cutoff wall axis.

– If the remedial cutoff wall fully covers the foundation, the entire hydraulic head
dissipates in the remedial cutoff wall, and seepage does not occur in the dam core
and downstream shell.

– The minimum seepage for the partially embedded remedial cutoff wall occurs
through the dam body when the cutoff wall is located at the center of the dam crest
(x = 5 m). Directing the cutoff wall upstream considerably decreases the effec-
tiveness of the remedial cutoff wall.

Fig. 8. The variation of maximum gradient in the cut off wall for all analyses cases.
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– The minimum flux in the dam body occurs when the cutoff wall fully covers the
foundation layer, and the cutoff wall is constructed mid-height of the upstream dam
slope.

– In all cases, regardless of the cutoff location and embedment depth, the minimum
flux in the foundation is related to the x = 5 m cutoff wall location.

– The maximum gradient along the cutoff wall in the partially embedded type
occurred at interface area between the dam and foundation. In contrast, fully
embedded cutoff walls have the gradient inside a portion of the cutoff wall, which is
located inside the foundation. In this case, the gradient is almost equal and holds its
highest value.

– Among the partial embedded cutoff walls, the best sealing performance was
observed in the cutoff wall constructed at the x = 5 location.
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Abstract. In recent years, the cave-in on roads frequently occurs in urban area
to threaten the city safety, which is usually initiated by the ground cavity due to
internal erosion around defective buried pipelines. In order to study the mech-
anism of internal erosion inducing cavity, the model tests are performed using
gap grading soil samples. The effects of soil saturation, hydraulic head, initial
soil grading and defect size of the pipeline on the internal erosion are studied
with eight model tests. The erosion is characterized in terms of the erosion area
and cavity formation during erosion. The test results show that the erosion can
get stable due to the support of coarse particle skeleton in gap grading soil. The
erosion areas can be classified into three forms of gravel area, flow area and
cavity according to erosion state. Furthermore, the erosion area especially the
cavity in saturated soil is more extensive than that in unsaturated soil. Besides,
no hidden cavity forms in unsaturated soil, but the surface settlement. The
higher hydraulic head induces bigger erosion area and cavity forms at the water
table. More initial fine-sand content means more sand loss, leading to more
significant soil deformation. While bigger defect size may cause a little more
erosion amount, the effects on cavity is not significant. Finally, the mechanism
of internal erosion and cavity formation are interpreted from the microscopic
and macroscopic aspects.

Keywords: Pipeline leakage � Internal erosion � Model test
Influential factors

1 Introduction

In recent years, the settlement or cave-in of the urban road surface frequently occurs,
which is mainly due to the hidden cavity under the ground [1]. The cavity induced by
internal erosion has been a big threat to city safety. Therefore, most of the researchers
focus on the control measures such as GPR or other methods to detect the underground
cavity [2]. However, it is more important to clarify the mechanism of the appearance of
the underground cavity to prevent the accident fundamentally.
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For the seepage failure of soil layer, most studies focus on internal erosion. Foster
et al. [3] analyzed the causes of accidents in embankment dams, finding that almost half
of the failures were caused by the piping failure. Kenney et al. [4] presented that the
soil gradation is the most critical factor of seepage failure. The confining pressure of
soil, size of the filter and other factors also affect the internal stability of soil [5, 6]. All
these factors are internal causes of the seepage erosion and soil deformation.

Hu et al. [7] found the defects of sewer pipes is the direct cause leading to erosion
through 120 cases of road cave-in accidences. The soil particles may flow into the
pipelines with water through the defects, which produces and expands the ground
cavity until ground cave-in occurs. Mukunoki et al. [8] revealed that the forms of
pipeline defect, as well as hydraulic conditions, influence the formation of the cavity by
X-ray CT method in cylindrical soil tank. Kuwano et al. [9] investigated the formation
characteristics of cavity to indicate the dangerous pattern of cavity by model tests in
which the water enters and scours the soil from the opening at the bottom of soil tank.
Sato et al. [10] presented that the location of underground structures changes the
seepage path, leading to local erosion around structures due to high hydraulic
conductivity.

Previous studies mostly focused on the seepage failure without considering the
cavity. The mechanism of the cavity around defective pipeline were studied fully [8–
10], while, the model tests were performed in uniform grading sand whose erosion is
different from the gap grading sand where fine particles migrate through the pores of
coarse particles. Thus, this study aims to clarify the development of internal erosion in
gap grading sand caused by the pipeline defects and reveal the effects of soil saturation,
hydraulic head, initial soil grading and pipeline defects dimension on the erosion using
model tests. The mechanism of erosion and cavity formation is finally discussed.

2 Test Methods

2.1 Test Apparatus

A new apparatus is designed that allows soil particles flow into pipeline through the
defect under the hydraulic head. The apparatus is made of transparent acrylic plates
which allow for visual observation of erosion. This 1-g model test is applicable because
cavity can be formed in the shallow ground [9]. Figure 1 shows the schematic diagram
of test apparatus which consists of a sand tank, two water tanks, and a detective
pipeline.

The center sand tank is 400 mm long, 200 mm wide and 750 mm high, used for
holding soil sample with 500 mm depth for seepage erosion. The water tanks are on
both sides of the sand tank with 100 mm wide, having water inlets and overflow holes
to control the hydraulic head. The plates made of permeable porous stones are set
between the water tank and sand tanks to allow water flow only. A pipeline with
100 mm in diameter can be inserted into the bottom of the sand tank, and defects are on
the top of the pipeline. The pipeline extends the sand tank by 50 mm to collect the
drained water and soil.
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As shown in Fig. 2, there are three types of pipelines defects. The defect hole is
5 mm in diameter, and the defect crack is 10 mm long and 5 mm wide. The defect can
be blocked before the test and opened during the test.

2.2 Test Conditions

In order to clarify the influence of four factors on the seepage erosion, eight model tests
are performed. The specific test cases and conditions are shown in Table 1.

Among cases, Case1 is unsaturated soil of about 75% saturation, while Case3 is
saturated soil by pumping method to explore the effect of soil saturation. Case2–Case4
have different hydraulic heads. Case1, Case5, and Case6 have different gradations.
Case2, Case7, and Case8 have different size pipeline defects.
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Overflow 
holes
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Fig. 1. Schematic diagram of test apparatus (Unit: mm)

Fig. 2. Types and size of defect (Unit: mm)
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Besides, the tests use gap grading soil. The particle size of fine-sand is 0.1–
0.25 mm to simulate the fine silty-sand layer. Binner [6] found the particle size of the
skeleton is about 4 mm, so gravel with the particle size of 2–5 mm is selected to form
the soil skeleton. The width of pipeline defect is 5 mm to ensure the loss of fine-sand
only.

2.3 Test Procedure

The basic concept of tests is to irritate the seepage erosion through the pipeline defect.
Therefore, the detailed test procedure is presented as follows:

(1) Check the instruments, install the pipeline and block the defect before the test.
(2) Mix the soil sample according to the proposed soil gradation, then strew soil on

the tank freely. Stratified compaction to reach the relative density of 80%.
Compact the ground by moist tamping into four layers and set a thin layer of
colored soil at the interface of each layer for observing the ground deformation
more clearly.

(3) Open the defect and trigger the erosion test. Use a camera to record the erosion
process and collect the loss of water and sand during the test.

(4) Collect the soil sample of each layer to analyze the gradation change after the test.

3 Test Results and Analysis

3.1 The Seepage Erosion Around Defective Pipeline

The development process of seepage erosion caused by pipeline defect obtained from
Case3 is presented in Fig. 3, and other cases show the similar characteristics.

The erosion is triggered by the defect and develops upwards gradually. The
fine-sand closed to the defect begins to flow into the pipeline, and upper sand transports

Table 1. Test conditions

Factors Soil gradation
(Sand: gravel)

Saturation Pipeline
defect

Hydraulic
head

Case

Saturation 6:4(S6:4) Unsaturated Circular hole 30 cm Case1
20 cm Case2

Hydraulic
head

6:4(S6:4) Saturated Circular hole 30 cm Case3
40 cm Case4

Soil
gradation

4:6(S4:6) Unsaturated Circular hole 30 cm Case5
8:2(S8:2) Case6

Pipeline
defect

6:4(S6:4) Saturated Longitudinal
crack

20 cm Case7

Horizontal
crack

Case8

(Note: The record of S6:4 means fine-sand content of 60% and fine gravel content of 40%)
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downwards, leading to loose and deformation of eroded soil. The cavity forms at the
height of the water level and expands gradually over time. In fact, the formation of
cavities is also affected by saturation as well, which will be interpreted later. Besides,
the closer to the defect, the more fine-sand loses. Therefore, the eroded area can be
classified into three types: gravel area where fine-sand loses severely and the skeleton
of gravel is visible (shown as blue in Fig. 3(f)), flow area where the settlement of soil
occurs due to compression deformation of gravel area, showing relative rigid move-
ment downwards (shown as green in Fig. 3(f)), the cavity (shown as red in Fig. 3(f)).
The erosion develops rapidly at the beginning and then converges gradually. Erosion
doesn’t develop after 60 min anymore and the whole soil gets stable.

(a) t =0 min                         (b) t =10 min                         (c) t =20 min 

(d) t =30 min                        (e) t =60 min                        (f) t =90 min 

Fig. 3. Process of erosion development

(a) Final state of unsaturated soil (Case1)           (b) Final state of saturated soil (Case3)

Fig. 4. The final state of eroded areas in soil with different saturation
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3.2 The Effect of Influential Factors on Seepage Erosion

The Influence of Saturation on Seepage Erosion
The final erosion state in different saturated soil is presented in Fig. 4. The saturation of
soil has great effects on erosion and cavity. The eroded area of saturated soil is large,
which means more loss of fine-sand. It can be explained that the permeability and
seepage force of the unsaturated soil is much lower. Besides, pore air may block the
flow channel that fine particles migrate through. Therefore, the erosion amount is
reduced.

In addition, the hidden cavity hardly forms in unsaturated soil, but settlement
occurs on the surface due to soil suction and low seepage force, which is different from
saturated soil. Hence, the risk of the ground cave-in is relatively small in unsaturated
soil.

The Influence of Hydraulic Head on Seepage Erosion
The final erosion state with different hydraulic heads is presented in Fig. 5. It is
obvious that the location of the cavity is closely related to the hydraulic head. The
cavities almost form at the water table. Besides, the higher the hydraulic head, the
larger the eroded areas, especially the cavity and gravel area, which means more loss of
fine-sand. The gravel area develops upward constantly along with the rising of
hydraulic head, even extends to the surface when water table reaches the ground.
Therefore, the high hydraulic head can induce large seepage force to drag the fine-sand
and to scour the channel that particles migrate through, making much soil loss and
deformation.

The Influence of Soil Gradation on Seepage Erosion
The final state of erosion areas with different soil gradation is presented in Fig. 6. It is
obvious that with more gravels forming the more stable skeleton, the soil deformation
hardly occurs, as shown in Case 5 of S4:6. With no much gravels forming the stable
skeleton, the fine-sand migrates and soil deformation occurs constantly. The skeleton
deformation may change the particle migrating channel, and result in large eroded area
and ground settlement, as shown in case 6 of S8:2. After the test, the sieving test was

(a) 20cm head (Case2) (b) 30cm head (Case3) (c) 40cm head (Case4)

Fig. 5. The final state of eroded areas with different hydraulic heads
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done on the soil sample around the defects. The contents of fine-sand of Case5, Case1,
and Case6 after erosion are 39%, 42%, and 45%, respectively. It is indicated that
different initial graded soil samples can achieve the similar state regarding the ratio of
fine-sand and gravel after internal erosion with the same condition. Therefore, it can be
speculated that if the content of fine-sand is less than the threshold, erosion won’t
occur.

The Influence of Pipeline Defect Size on Seepage Erosion
The final state of eroded areas with different pipeline defect is presented in Fig. 7. The
cavities are all located at the water table. Besides, three tests can reach stability quickly,
generally in the first 30 min. They also show the similar distribution of eroded areas.
Case7 and Case8 have same defect size, showing the same eroded area, which implies
that crack direction has no effect on erosion. The gravel area and cavity in Case7 and
Case8 are a little larger than that in Case2 due to increased defect size, which means
more loss of soil. Because bigger defect induces more channels that soil migrate to the
pipeline, but the final increased amount of sand loss is not much due to the same
seepage force. On the whole, the defect size of the pipeline has a little effect on seepage
erosion when only fine sand migrates through the defect. If the defect is so large that
gravel loses together with sand, the defect size would have great effects on erosion.

(a) S4:6 (Case5) (b) S6:4 (Case1) (c) S8:2 (Case6)

Fig. 6. The final state of eroded areas with different soil gradation

Fig. 7. The final state of erosion areas with different pipeline defects
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4 Discussion

Figure 8 presents the mechanism of settlement and cavity formation microscopically
and macroscopically. Microscopically, as shown in Fig. 8(a), coarse particles form the
soil skeleton and force chains. Fine particles migrate through the pore of the skeleton
with the seepage to erosion, while the skeleton structure remains stable. However, the
skeleton becomes loose, and the force chains become unstable due to the loss of lateral
support by fine particles. Then the skeleton would be compressed with the influence of
seepage force and gravity. Hence, deformation and settlement occur constantly. But the
deformation of skeleton won’t occur under low hydraulic gradient, so the hydraulic
gradient threshold of skeleton-deformation will be investigated soon.

Macroscopically, in saturated soil, the settlement of eroded soil below the water
table occurs as long as skeleton deformation [12]. Meanwhile, the soil above the water
table has great suction to remain stable without internal erosion. So the cavity is
generated near the water table ordinarily. With the development of erosion and set-
tlement, the cavity expands downwards. Finally, all the channels that fine particles
migrate through are blocked due to compression of the skeleton. Besides, the content of
fine-sand decreases to a certain threshold. Then the erosion will cease as well as soil
deformation.

5 Conclusions

Model tests are carried out to simulate the erosion around defective pipeline consid-
ering soil saturation, hydraulic head, soil gradation and defect size. The process of
cavity formation is measured. Based on the results, the main findings are presented as
follows:

(1) The internal erosion is triggered by the pipe defect and develops upwards. The
erosion can converge and get stable finally due to the support of soil skeleton.

Fig. 8. The diagrammatic sketch of erosion settlement
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(2) Regarding the erosion state, the eroded areas can be classified as gravel area, flow
area, and cavity. The loss of fine-sand and soil deformation mainly occur in the
gravel area, which leads to the upper soil move downwards in the flow area.

(3) From a microscopic perspective, the erosion breaks the stable structure of the soil.
When soil skeleton becomes loose, it is rearranged due to loss of fine-sand that
provides lateral support to skeleton, which leads to settlement of eroded soil
below the water table. Hence, cavity forms at the water table in saturated soil.

(4) The erosion area especially the cavity in saturated soil is larger than that in
unsaturated soil. No hidden cavity forms in unsaturated soil, but the surface
settlement. Besides, the higher hydraulic head means stronger seepage force,
inducing larger erosion mass and eroded area. The water table also affects the
location of the cavity. In addition, more initial fine-sand content means more sand
loss, leading to more extensive soil deformation. While bigger defect size may
cause a little more erosion amount, the effects on cavity is not significant when
only fine sand migrates through the defect.
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Abstract. This research is based on an anti-seepage project of landfill in
Jiangsu province, China. Finite element method in ANSYS is used to investigate
numerically the stress and strain of diaphragm wall in the landfill. The pulp ratio
of diaphragm wall is determined by orthogonal experimental method. Results
show that the maximum stress (absolute value) of the wall is only 0.24–
0.38 MPa and no tensile stress is produced with the wall. The maximum hori-
zontal displacement is in the bottom of the wall with the value about 0.19% of
the height of the wall. The maximum vertical displacement is in the top of the
wall with the value about 2.5% of the thickness of the wall. In addition, no
plastic deformation occurs in the diaphragm wall and the deformation of wall is
proportional to that of its surrounding soil, which meets the operational
requirements of landfill.

Keywords: Landfills � Diaphragm wall � Stress

1 Introduction

For the vertical diaphragm wall in the landfill, the wall mainly bears the load of the
gravity, the earth pressure and the water pressure, which enlarges the deformation of
wall [1]. The wall does not crack during its service life, because the deformation
modulus of the vertical diaphragm wall is close to that of surrounding soil. Thus, the
deformation of the wall and the surrounding soil can be coordinated [2–4]. Experiments
show that the concretion body of PBFC anti-seepage slurry has a good anti-seepage
performance and the average permeability coefficient is about 0.53–1.86 � 10−8 cm/s.
It can prevent effectively the diffusing of leachate to the surrounding soil [5]. And
elastic modulus of the wall made of PBFC material is about 50–800 MPa. Its stiffness
is also close to that of the surrounding soil. All these features lead the anti-seepage
slurry to meet the requirements of mechanical impervious wall.

This paper is based on an diaphragm wall of a landfill project in Jiangsu Province,
China. The stress and deformation of the diaphragm wall is analyzed by ANSYS finite
element software. The distributions of the maximum principal stress and the minimum
principal stress are estimated accurately. The change law of horizontal displacement
and vertical displacement is summarized. The results can provide theoretical basis for
the design of vertical diaphragm wall around the landfill [6–8].
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2 Engineering Survey and Calculation Parameter Selection

2.1 Engineering Survey

The landfill is in the alluvial plain of the Yangtze River Delta, which belongs to the
floodplain terraces unit. The terrain of landfill is relatively flat, the natural ground
elevation of the Yellow Sea is about 3.7–5.8 m and the average thickness of ground
cover layer is 51 m. The maximum length of the landfill (East to West) is about 440 m
and the maximum width (North to South) is about 180 m. The vertical permeability
coefficient is 2.4 � 10−6–1.3 � 10−7 cm/s and the horizontal permeability coefficient
is 5.0 � 10−6–2.4 � 10−7 cm/s. The depth of groundwater table varies with topogra-
phy, which is 0.60–1.30 m away from the surface. The thickness of the diaphragm wall
is 0.5 m, the average depth of the wall is 15 m, and the maximum depth is 25 m. The
engineering geological conditions of landfill (top-down hierarchical) and related
parameters of the diaphragm wall are shown in Table 1.

2.2 Radio of Anti-seepage Slurry

The slurry with different ratio has various impervious performance and mechanical
performance [9]. By statistical analysis of the existing anti-seepage material of landfill
[10], we synthesize the preliminary test of this subject. The orthogonal test of 4 factors
and 3 levels is adopted to optimize the slurry formula. The factors and the levels are
shown in Table 2.

The impermeability and mechanical properties of slurry under different formula-
tions are analyzed by orthogonal test [11, 12]. The variation of permeability coefficient
about the slurry concretion body at different ages is presented in Fig. 1. The unconfined
compressive strength of the slurry concretion body with different proportions is shown
in Fig. 2.

By analysis of experiment data, the optimum formulation is selected as: 20%
cement, 22% bentonite, 0.2% polyvinyl alcohol, 0.03% superplasticizer, 18% fly ash

Table 1. Engineering geological conditions in landfill and related parameters of the diaphragm
wall.

Material Compression
modulus E
/MPa

Poisson
ratio m

Saturation
severity
c/KN/m3

Cohesive
force
C/kPa

Friction
angle
/ =�C

Average
thickness of
soil /m

Plain fill 6.1 0.26 18.7 8 8.2 1.45
Clay 9 0.32 19.5 56 12.8 3.53
Silty clay
plus silt

8.2 0.31 19.3 36 12.3 3.45

Silty clay 5.6 0.32 19.3 27 12.9 3.45
Clay 12 0.27 19.7 60 13.5 9.28
Silty clay 8.2 0.32 19.6 37 14.5 10.50
Diaphragm
wall

210 0.26 20.2 780 27 15–25

272 G. Dai et al.



and 0.5% sodium carbonate. The impermeability of slurry on this radio is stable and the
average permeability coefficient of the concretion body after 28 days curing is
0.73 � 10−7 cm/s. The unconfined compressive strength of concretion body after 28
days curing is 0.95 MPa. It can resist the erosion of acid liquid and groundwater [13].

2.3 Calculation Model Selection

The appropriate constitutive model needs to be considered first before analyzing the
wall deformation [14]. For most engineering materials, the stress lower than the pro-
portional limit are generally in linear relationship with strain and when the stress is
greater than the proportional limit, nonlinear relationships emerges [15]. In general, the
proportional limit is close to the yield limit, so we treated the two values as the same
point in ANSYS. Considering that the unconfined compressive strength of concretion
body after 28 days is 0.5–2.0 MPa, far greater than the tensile strength, and the con-
cretion body expands subjecting to shear. Therefore, the Drucker-Prager (DP) plastic
model is used to analyze the stress and deformation of wall and surrounding soil [16].
This model considers the influence of volume expansion caused by the material yield
and ignores the influence of temperature change. It is suitable for granular materials,

Table 2. The factors and the levels of orthogonal test.

Level Factors /%
Cement Organic bentonite Water reducer Polyvinyl alcohol

1 16 18 0.01 0.2
2 20 22 0.02 0.5
3 24 26 0.03 0.8

Fig. 1. Variation of permeability coefficient
with age

Fig. 2. Variation of unconfined compressive
strength with the ratio
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such as concrete, rock, soil and other materials [17–19]. For the analyzed material, the
DP model applies both the relevant flow criterion and the irrelevant flow criterion. In
the process of material yield, the yield surface does not change, so there is no rein-
forcement criterion. Its yield criterion is as follows [20]:

F ¼ 3 brm þ 1
2

sf gT M½ � sf g
� �1

2

� ry ð1Þ

Where rm is hydrostatic pressure, b is material constant. Material parameters b and
material parameters ry is defined as follows:

b ¼ 2 sin/ffiffiffiffi
3

p
3 � sin/ð Þ ; ry ¼ 6 cð Þ cos/ffiffiffi

3
p

3 � sin/ð Þ ð2Þ

To calculate the DP plastic model, three parameters are needed: viscous force
(shear yield stress) C, internal friction angle and dilatancy angle (used to control the
volume expansion). To evaluate whether the wall meets the requirements of stress and
deformation, a small volume expansion model is used to calculate the distribution of
compressive stress, tensile stress and displacement [21]. The most unfavorable situation
is the landfill without waste, the wall under soil pressure and water pressure. The slope
of inside the wall (h: b) is 1:0.5. The boundary constraint conditions are as follows: the
both sides of vertical boundary is horizontal constraint, the bottom is fixed constraint,
the other is free boundary. The quadrilateral mesh is used to process the diaphragm
wall, which is divided into 3 rows according to the thickness of the wall. The mesh
section of the diaphragm wall and formation section is shown in Fig. 3.

Fig. 3. Strata profile and mesh generation for diaphragm wall of 15 m height
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3 Calculation Result Analysis

3.1 Stress Distribution of the Wall

According to the calculation, the principal stress distribution of diaphragm wall and
surrounding soil is shown in Fig. 4. Calculation and analysis shows that the maximum
principal stress decreases along with the height of the wall (from the wall bottom
elevation date) and the turning point emerges in the 2–4 m of the wall. The varying
trend of the minimum principal stress is the same as that of the maximum principal
stress: the stress value increases in the 2–3 m of the wall. The maximum value of the
minimum principal stress, 0.24 MPa, is located at the bottom of the wall.

To analysis the influence of depth of diaphragm wall, diaphragm wall with three
depths: 15 m, 20 m and 25 m. The distribution curves of the maximum principal stress
and the minimum principal stress along the wall are shown in Fig. 5. The maximum
stresses (absolute value) of three walls are 0.24 MPa, 0.30 MPa, 0.38 MPa. No tensile

(a) The maximum main stress                 (b) The minimum principal stress

Fig. 4. Principal stress distribution of the diaphragm wall and surrounding soil (wall depth is
15 m)

  (a) The maximum main stress                (b) The minimum principal stress

Fig. 5. Curves of the principal stress distribution of the wall (pressure stress is negative)
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stress is detected for the three models due to the small stress value [22]. The unconfined
compressive strength of plastic concrete diaphragm wall after 28 days curing is
0.95 MPa, which fully meets the requirements of stress and ensures that the stress
concentration does not occur [23].

3.2 Stress Intensity Distribution of the Wall

The stress intensity distributions of three depths are similar and the stress intensity
distribution of the 15 m cutoff wall and surrounding soil is shown in Fig. 6. The results
show that the wall stress intensity gradually reduces along the wall height. The max-
imum stress strength of the three walls, located at the bottom of the wall, are 0.17 MPa,
0.20 MPa and 0.23 MPa. With the increase of height of the wall, the soil pressure,
hydrostatic pressure and thus stress intensity increase.

The distribution curve of stress intensity along the wall is shown in Fig. 7. The
change range of stress intensity of the wall is small and the maximum stress strength is
less than the strength limit of the wall material. Thus, the diaphragm wall can meet the
requirement on stress intensity.

3.3 Horizontal Displacement Distribution of the Wall

The horizontal displacement distribution of the wall and surrounding soil is shown in
Fig. 8. The horizontal displacement distribution shows the maximum horizontal dis-
placement at the bottom of the wall. For the diaphragm wall with depth of 15–25 m, the
maximum horizontal displacement value is 1.0–4.8 cm and the overall level of dia-
phragm wall displacement is small. The maximum horizontal displacement is about
0.19% of the wall height and the horizontal displacement of the wall along the wall
height changes as shown in Fig. 9.

Fig. 6. Stress intensity distribution of wall
(15 m wall)

Fig. 7. Distribution curve of stress
intensity distribution
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3.4 Vertical Displacement Distribution of the Wall

The vertical displacement of the diaphragm wall reaches the maximum value at the top
of the wall. And the maximum value for the three walls are around about 2.5% of the
wall thickness, which are 7.28 mm, 9.56 mm, 12.55 mm, respectively. The vertical
displacement of the wall is relatively small and it also increases with the increase of the
depth of wall. The settlement of the diaphragm wall is basically the same as that of the
surrounding soil. In fact, the PBFC concretion body has stronger ability to resist
deformation and the ultimate strain under unconfined condition can reach 6%. This
means that the plastic deformation will not occur and can meet the requirements of the
use of landfill [24, 25].

By test in situ, the distribution of the maximum principal stress, the distribution of
the minimum principal stress, the horizontal displacement of the diaphragm wall and
the vertical displacement of the diaphragm wall are measured directly. And the tested
results are basically consistent with the calculated values by ANSYS, which fully
demonstrates that the chosen model is reasonable.

4 Conclusion

(1) The PBFC slurry has the characteristics of high seepage resistance, low elastic
modulus, moderate compressive strength and so on, so it is very suitable for the
construction of the vertical diaphragm wall of the landfill.

(2) The stress ratio of diaphragm wall is basically the same as that of the corre-
sponding wall height, and this change is linearly decreasing along the wall. The
maximum principal stress of the wall increases at the root of the wall (2–4 m from
the bottom of the wall). For the depth of 15–25 m in the diaphragm wall, the
maximum stress (absolute stress) of the wall is only 0.24–0.38 MPa, the stress
value is small, and there is no tensile stress.

Fig. 8. Horizontal displacement distribution of
the wall (its depth is 15 m)

Fig. 9. Changing curves of the horizontal
displacement
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(3) The maximum horizontal displacement of the diaphragm wall is located at the
bottom of the wall and the maximum horizontal displacement is about 0.19% of
the wall height. The maximum vertical displacement of the wall is located at the
top of the wall and the maximum vertical displacement is about 2.5% of the wall
thickness. The diaphragm wall does not produce plastic deformation and the
deformation of soil around the plastic deformation of the diaphragm wall is
coordinated. The wall does not show stress concentration and crack problem,
which ensure the safe operation of landfill.

Acknowledgments. The national natural science foundation of China (51678083) is gratefully
acknowledged.
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Abstract. Carbon capture and storage projects have traditionally targeted deep
sedimentary basins where CO2 is maintained as supercritical state (scCO2). In
order to study the permeability of scCO2, a series of tests were conducted by
independent research and development of the instrument with related environ-
ment variables, including temperature, confining pressure, injection pressure and
different types of rocks. Through normalization of the experiment data, the
results showed that the permeability of scCO2 increased with the increment of
temperature and injection pressure, but with the reduction of confining pressure
and effective stress. Besides, silt rock was more sensitive for temperature, while
was less sensitive for confining pressure than sandstone. The conclusions
summarized above possess instructional significance and referenced value for
the siting selection of geological storage.

Keywords: ScCO2 � Permeability � Temperature � Confining pressure
Inlet pressure

1 Introduction

With the increasing development of modern industry, people are facing serious pres-
sure from greenhouse effect for which scientists believe that the increasing emission of
carbon dioxide (CO2) into the atmosphere is the main causative factor. Nevertheless,
traditional fossil energy, such as coal, petroleum, and natural gas, is still occupying the
main energy market, and this situation might last for a long period. The long-term
reliance on fossil fuel prompts governments to look for ways to reduce the emission of
anthropogenic CO2 to the atmosphere. Carbon Capture and Storage (CCS) is thought to
be one of the most promising approaches to achieve this goal [1, 2].

CCS is a process through which CO2 is captured from industrial or energy-related
sources and then transported and injected into underground geological formations.
Generally, CO2 can be isolated in oil/gas field, saline aquifer, nonproductive deep coal
seam or other geological isolation forms [3]. Among all possible CO2 storage sites,
saline aquifer has the greatest storage potential up to 400–10,000 Gt worldwide, and
can be found in almost all of the sedimentary basins [4]. Thus, it has gained extensive
attention in the world. For CO2 storage in saline aquifers, understanding the perme-
ability of CO2 in porous rocks is of great significance in predicting the migration and
evaluating the long-term stability of injected CO2. The injected CO2 are normally
stored in geological media up to several kilometers below the ground surface. In this
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L. Hu et al. (Eds.): GSIC 2018, Proceedings of GeoShanghai 2018 International Conference:
Multi-physics Processes in Soil Mechanics and Advances in Geotechnical Testing, pp. 280–288, 2018.
https://doi.org/10.1007/978-981-13-0095-0_32

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_32&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_32&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_32&amp;domain=pdf


context, the CO2 is in a supercritical state, i.e., its pressure and temperature are beyond
the critical point (7.38 MPa and 31.8 °C). In addition, the environmental temperature
and pressure will increase with the underground storage depth. The variation of
environmental pressure and temperature can greatly influence the permeability of
scCO2 in rock because the properties of scCO2, such as the density and viscosity,
greatly depend on its pressure and temperature. Furthermore, the confining pressure for
the reservoir rock is also high due to the thick overburden ground layers, and this high
confining pressure can influence the porosity and skeleton of the reservoir rock, which
can also influence the permeability of scCO2 in porous rock. Therefore, to under-
standing the permeability of CO2 in porous rocks, it is vital to investigate how the
permeability of scCO2 in porous rock varies with the environmental temperature, the
confining pressure of reservoir rock and even the injecting pressure.

Many works about the permeability of CO2 through rock have been conducted.
There are two usual methods that can be used to test CO2 flowing in laboratory,
namely, the steady-state method and unsteady-state method. For unsteady-state
method, the flow-rate and the pressure of CO2 are not kept constant during the test, and
therefore the permeability can only be evaluated empirically based on a given math-
ematical model. The relative permeability of CO2 was related with the interfacial
tension of rock, which is dependent on pressure, temperature and salinity tested by
unsteady-state experiments ([5, 6]). In addition, the permeability of scCO2 decreased
with the increasing injecting pressures at low temperatures while increases at higher
temperatures (more than 50 °C) using high pressure triaxial equipment (unsteady-state
method) [7]. In contrast, the steady-state method, in which the flow-rate and the
pressures are in a steady state, is more suitable for measuring the permeability of
scCO2. However, because of the difficulties in experimental equipment and techniques,
only a few studies were reported by using the steady-state method to investigate the
permeability of scCO2 in rocks [8–12].

In this study, we focused on finding out how permeability of scCO2 varies with the
change of influencing factors, including temperature, confining pressure and inlet
pressure, by conducting series of core-flood experiments on two specific types of rock,
namely silt rock and sandstone. So a self-made apparatus [13] was established to meet
the experiment condition. It was found that the permeability coefficient of CO2

increases with the increment of temperature and inlet pressure, while decreases with the
increment of confining pressure.

2 Tested Rock Samples

Two types of rocks were tested in this study, i.e. a silt rock extracted from BOSO
peninsula, Japan and sandstone extracted from Shandong Province, China respectively.
The physical properties of the rocks are shown in Table 1. The tested samples were
prepared with the size of 5 cm in diameter and 1 cm in height. Four silt rock samples
and four sandstone samples were used for studying the influences of confining pressure
and temperature on the permeability of scCO2. Meanwhile, another one sandstone
sample was used to investigate the influences of inlet pressure on the permeability of
scCO2. Before conducting the CO2-flooding tests, the samples were saturated by
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injecting sufficient water slowly into the samples. The injecting process lasted for more
than 5000 min, and when the outflow water equaled to the inflow water, the sample
was considered to be fully saturated.

3 Experimental Setup and Procedures

3.1 Apparatus and Test Procedure

The test system used in the study was developed by Ye et al. [13]. The schematic
diagram and panorama of the whole system are shown in Fig. 1. The device primarily
comprises a pressure cell, a syringe pump for CO2, a pressure amplifier, a heating unit,
and a measurement system. Two buffer tanks are set at the inlet and outlet of the
seepage chamber to maintain stable CO2 injection and back pressures during testing.
More details can be referenced to Ye et al. [13].

High purity CO2 was reserved in the refrigerator to 15 °C below. Before injecting
CO2 from refrigerator, sample was fixed in the pressure cell. Temperature in the
pressure cell was controlled by heating unit which was connected to pressure cell by
two plastic pipes. CO2 was injected into inlet buffer tank by syringe pump and outlet
buffer tank by adjusting regulator 1 before injecting CO2 into pressure cell. The value
of both inlet and outlet pressure were shown on the measurement system. CO2 wasn’t
injected into the pressure cell until both the inlet and outlet pressure near to the

Table 1. Physical properties of the silt rock and the sandstone

Physical properties Unit Silt rock Sandstone

Soil particle density, qs g/cm3 2.64 2.27
Dry unit weight, cd kN/m3 14.4 0.047
Porosity, n - 0.44 -
Natural moisture content, w % 25.9 -
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Fig. 1. Schematic diagram of the test system
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anticipated value. Pressure amplifier could press water into the pressure cell and control
the confining pressure in the pressure cell. The mechanism of the apparatus is similar to
the steady state technique, except only scCO2, rather than the CO2-brine mixture, is
injected into the core during the test. In this testing system, the syringe pump can
provide the inlet CO2 pressure up to 15 MPa to ensure the supercritical state of CO2.
The available back pressure (outlet pressure) is in the range of 0–9 MPa.

3.2 Experimental Conditions

Set Confining Pressure and Temperature as Variables. To study the influence of
confining pressure and temperature on the permeability of supercritical CO2, we
conducted a series of permeability tests on the samples under different confining
pressures and temperatures. For silt rock and sandstone, we used four samples for
testing respectively. For each sample, we conducted the permeability tests under five
combined conditions of confining pressures and temperatures. The experimental con-
ditions are summarized in Table 2, where T refers to temperature, while CP refers to
confining pressure. Although every sample was tested along a path different from each
other, their temperatures and confining pressures were set the same in the inception
stage and the final stage. In these tests, the inlet pressure and outlet pressure were set as
10.0 MPa and 9.0 MPa respectively.

Set Inlet Pressure as Variable. Besides, another test was performed on a sandstone
sample to investigate the influence of inlet pressure on the permeability of scCO2. In
the test, the inlet pressure varied from 10 MPa to 15 MPa and the outlet pressure kept
constant as 9 MPa. The temperature and the confining pressure were set as 65 °C and
15 MPa respectively (Table 3).

Table 2. Specific confine pressures and temperatures for each sample

Sample Stage

1 2 3 4 5
T (°C) CP

(MPa)
T (°C) CP

(MPa)
T (°C) CP

(MPa)
T (°C) CP

(MPa)
T (°C) CP

(MPa)

1 45 11 55 11 65 11 65 13.5 65 15
2 45 11 55 11 55 13.5 55 15 65 15
3 45 11 45 13.5 55 13.5 65 13.5 65 15
4 45 11 45 13.5 45 15 55 15 65 15

Table 3. Specific inlet pressure for each sample

Sample Stage

1 2 3 4
T(°C) Inlet pressure

MPa
Inlet pressure
MPa

Inlet pressure
MPa

Inlet pressure
MPa

5 65 10 11 13.5 15
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3.3 Calculation of the Permeability Coefficient

The permeability of scCO2 can be calculated based on Darcy Law and the equations are
described as follow [13]:

k ¼ �qsc
A � i ¼

�qsc � qwgh
Að�pin � �poutÞ ð1Þ

�qsc ¼ c � �qgas ð2Þ

c ¼ qgas
qsc

ð3Þ

where �pin and �pout are the average inlet and outlet pressures, A is the section area of
sample, h is the height of the sample, qw is the density of water, g is the gravitational
acceleration, �qgas and �qsc are the average flow rates in gaseous and supercritical states,
and c is the ratio of the gaseous CO2 density qgas to the scCO2 density qsc. Specifically,
qgas equals to a constant value 1:9 kg=m

3 : qsc varies with temperature and pressure, and
could be queried from Peace Software [14].

4 Results and Discussions

4.1 The Influences of Confining Pressure and Temperature
on the Permeability of ScCO2

As described above, the confining pressure and temperature effect on CO2 permeability
were investigated for eight samples in different paths (Table 2). According to the test
results, the curves of k versus confining pressure and k versus temperature are plotted in
Fig. 2 for silt rock and Fig. 3 for sandstone respectively.

As shown in Figs. 2(a) and 3(a), when temperature increases from 45 °C to 65 °C,
there is a clear increase in the permeability of scCO2. For instance, at 11 MPa confining
pressure in silt rock samples, when the temperature increased by 20 °C, the perme-
ability increased by 1.7 times, and the permeability increases by 50% at 15 Mpa
confining pressure. It indicates that the speed of permeability decreases with the
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increasing of confining pressure. Though there is not a significant change in sandstone
samples, the trend is in agreement with silt rock samples. On the other hand, the lower
the temperature is, the higher the permeability of scCO2 under the same confining
pressure. The tendency is also demonstrated by Figs. 2(b) and 3(b), which illustrate the
permeability k decreases with the increment of confining pressure. Though samples
subjected to different temperature in each group, the trend of k is the same. These
conclusions can be interpreted as the molecular movement. When the temperature goes
up, the internally molecules heat of scCO2 move faster and faster, then a greater
average molecular kinetic each molecule has. This could lead to more scCO2 passing
through a certain cross section when the rest of the variables are the same. However, if
the confining pressure enhanced, due to compression effect of fissures inside samples,
molecules are not easy to pass through the cross section. In other words, there is less
scCO2 passing through the section when the rest variables are the same.

Figure 4 displayed the measured coefficients of permeability k of each sample in
the initial and final stages. The experimental conditions are identical both the initial
(T45-P11) and the final stage (T65-P15) for each sample. The value of k of the last
stage is higher than that of the first stage for silt rock samples, while for sandstone
samples, the situation is reverse. As presented above, there is a positive correlation
between temperature and k, and a negative correlation between confining pressure and
k. Therefore, it can be concluded that the permeability of silt rock is more sensitive to
temperature, while less sensitive to confining pressure than that of sandstone.

45 50 55 60 65

0.5

1.0

1.5

2.0
C

oe
ff

ic
ie

nt
 o

f p
er

m
ea

bi
lit

y 
k 

(×
10

-1
2  m

/s
)

 Sample1-11MPa
 Sample3-13.5MPa
 Sample4-15MPa

11 12 13 14 15
0.5

1.0

1.5

2.0

C
oe

ff
ic

ie
nt

 o
f p

er
m

ea
bi

lit
y 

k 
(×

10
-1

2  m
/s

)

Confining pressure (MPa)

 Sample 1-65
 Sample 2-55
 Sample 4-45

Fig. 3. k varies with temperature (a) or confining pressure (b) (Sandstone)

(a) Silt rock                            (b) Sandstone

1 2 3 4
0

4

8

12

C
oe

ff
ic

ie
nt

 o
f p

er
m

ea
bi

lit
y 

k 
(×

10
-1

2  m
/s

)

Sample
 Initial stage                            Final stage

1 2 3 4
0.0

0.4

0.8

1.2

C
oe

ff
ic

ie
nt

 o
f p

er
m

ea
bi

lit
y 

k 
(×

10
-1

2  m
/s

)

Sample
 Initial stage                            Final stage

Fig. 4. k under the initial and final stage of each sample

Supercritical CO2 Permeability in Rock: An Experiment Study 285



4.2 The Influences of Inlet Pressure on k of ScCO2

The curve of k versus inlet pressure is presented in Fig. 5(a). The permeability of
scCO2 increases with increasing inlet pressure, and this trend is mainly related to the
effective pressure effect on the pore space of sandstone sample. According to Ranjith
and Perera [15], the effective pressure is a function of fluid pressure and expressed as
peffective ¼ pcp � 0:5 � ð�pin þ �poutÞ, where pcp is the confining pressure. With the
increment of the inlet pressure, the pore pressure inside the sandstone sample increases
and leads to a decrease in the effective pressure, as shown by the dash line in Fig. 5(a).
As a result, the pore space of rock expands and the flow channels extends, which leads
to an increase in permeability of scCO2.

Figure 5(b) shows the relation between effective pressure and the permeability of
scCO2 more obviously. The square-line is sample 5 mentioned above, while the
dot-line is sample subjected to a constant injection pressure 10 MPa in constant 55 °C
but changed with confining pressure. According to the results, three conclusions may
be summarized. First, the permeability of scCO2 decreases with the increase of
effective pressure which has discussed in Fig. 5(a). Second, the higher temperature
exhibits the greater permeability under the same effective stress, such as when the
effective pressure is 4 MPa. Finally, though the confining pressure and inlet pressure
are changing, the tendency between effective pressure and k is the same.

5 Conclusions

Four silt rock samples and five sandstone samples were tested to investigate the
influence of temperature, confining pressure and inlet pressure on the permeability of
scCO2. The main conclusions are drawn as follows:

(1) The permeability of scCO2 (k) increases with the increment of temperature. When
the temperature goes up, the internally molecules of scCO2 exercise more and
more quickly, then each molecular has a greater average molecular kinetic.
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(2) k decreases with the increment of confining pressure. Due to compression effect of
fissures inside samples, molecules are not easy to pass through the cross section so
that less scCO2 pass through.

(3) k increases with increasing injection pressure. Because the increasing internal pore
pressure results in reduced effective stress, the pore space of sample expand, then
the flow channels extended and more scCO2 pass through.

(4) Silt rock is more sensitive for temperature, while is less sensitive for confining
pressure. On the contrary, sandstone is more sensitive for confining pressure but
less sensitive for temperature.

In conclusion, engineer should select a site with great confining pressure but lower
temperature as much as possible. Meanwhile, the effective stress and inlet pressure are
also considered during the process.
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Abstract. The Smoothed Particle Hydrodynamics model has been widely used
in geotechnical engineering for the research of flow-like landslide, flowing
liquefied soil and dike or slope failure. However, the efficiency is still an issue
when the simulation has a large number of particles and only a few research
focused on the parallel optimization of the water-soil-coupled SPH model. In
this study, an SPH model considering the water-soil coupling was proposed
based on the basic principle of SPH method, Drucker-Prager model, and mixture
theory of porous media. The OpenMP, as a widely used parallelling framework,
was adopted to accomplish the parallel implementation and improve the effi-
ciency. Besides, an improved particle searching method, compatible with the
OpenMP parallel optimization, has been proposed. Using the proposed SPH
model, the effect of different permeability on the seepage failure of dike was
simulated. Meanwhile, by comparing the time consumptions of different num-
bers of CPU thread, it has been proven that the parallel implementation can
greatly reduce the time-consumption.

Keywords: Piping simulation � Permeability � OpenMP
Water-soil coupling � SPH

1 Introduction

Extreme weather events caused by the global warming have induced many geological
disasters worldwide, among which seepage failures due to water level-up pose a great
threat to the peoples’ lives and property. Therefore, more attention should be focused
on this topic to identify the failure mechanism, and to propose related countermeasures.
For such disasters, an analysis of the entire process, including the coupling and the
large deformation, is very essential to more precisely identify the mechanism [1, 2]. In
the field of dike failure analysis, the Smoothed Particle Hydrodynamics (SPH) method
has unique advantages for the simulation of free surfaces, deformation boundaries, and
large deformations [3]. Peng et al. introduced a hypoplastic constitutive model into the
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SPH method to simulate the large deformation of sand collapse and slope failure,
demonstrating the advantage of SPH method coupled with complex soil model [4].
Maeda and Sakai [5] introduced air dynamics into the SPH framework to investigate
the air effect in the seepage process. Huang et al. [6] conducted an analysis of
large-deformation flows of liquefied soils using a water-soil-coupled SPH method. Bui
and Fukagawa [7] adopted the two-phase SPH method to analyze the stability of slope.
Zhang and Maeda [8, 9] have presented preliminary results of a slope failure test and
coupled SPH simulations. These researchers have found that the SPH method is
suitable for the simulation of seepage failures, however, the numerical simulation of
seepage failure often involves the multi-phase modelling resulting in a lot of particles,
therefore the improvement of efficiency is an essential issue that should be focused on.

To improve the efficiency, many parallelized SPH models have been proposed and
applied in practice. These parallel implementations are mainly adopting the OpenMP
framework, MPI (Message Passing Interface) framework, and GPGPU including
CUDA (Compute Unified Device Architecture) and OpenCL (Open Computing Lan-
guage). The typical examples are DualSPHysics based on the GPU and OpenMP
solving the free surface problem and LAMMPS (Large-scale Atomic/Molecular
Massively Parallel Simulator) base on distributed memory using MPI solving the
atomic or molecular dynamic problem. Besides, Wróblewski and Boryczko conducted
the parallel implementation of SPH using the OpenMP environment MPI environment
[10]. Jin et al. [11] used an OpenMP-parallelized SPH model for the incompressible
fluid to study the wave flume stability. For the explosion-induced fragmentation
problem, Fan and Li [12] developed a coupled method of state-based peridynamics and
SPH. From these studies, it can be concluded that previous parallel implementations are
mainly in the field of free surface problem and atomic/molecular dynamic problem,
while the parallel implementation of SPH model for geotechnical problems and
multi-phase modelling is rarely found in literatures. In order to improve the efficiency
of the SPH model in geotechnical engineering, this research proposed a SPH model
considering the water-soil coupling and conducted the parallel implementation using
the OpenMP environment, aiming at benefiting other numerical methods in geotech-
nical engineering. The accuracy and efficiency of the proposed SPH model were
carefully checked by the analysis of a piping failure test with different permeability. At
last, some conclusions were derived from the analysis and the parallel efficiency was
discussed as well.

2 The Proposed Water-Soil-Coupled SPH Model

2.1 Concepts of Water-Soil-Coupled SPH Model

In the proposed SPH model, the water phase and soil phase are simulated on different
layers, which can be combined by the interaction force, based on the mixture theory of
Biot [13] and Zienkiewics et al. [14]. Particles of different phase are assigned to
different layers by using different material type: type of boundary is 0, type of water is
1, type of soil is 2 and type of water inlet is 7. After that, we can obtain the components
of density and stress on different phase layers. The dynamic behavior of particles in the
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proposed SPH model is governed by Navier-Stokes equations, including the continuity
equation, the momentum equation, and Equation of State [15]. The continuity equation
is derived from the conservation of mass as,

d�qi
dt

¼
XN

j¼1

mjðvim � vjmÞ
@Wij

@xim
ð1Þ

where Wij is the smoothing function of supporting particle j evaluated at particle i, N is
the total number of supporting particles, v is the velocity, m, n are coordination indices,
and i, j are particle indices. This is the original continuity equation in the SPH method
and normalization correction can be introduced to obtain more precise simulation. The
momentum equation is derived from the Newton’s second law, and related to the stress
and interaction forces. For the water phase, the momentum equation is
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For the soil phase, it is

dvsim
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where Fi is the external force, Rsf is the interaction force on the water phase, and Rfs is
the interaction force on the soil phase. �q f and �qs are the summarized densities of water
phase and soil phase, respectively, calculated from the continuity equation. The arti-
ficial viscosity Pij is used to avoid the stress oscillation [9].

The water phase is regarded as a quasi-compressible liquid, and its dynamic
pressure is calculated from the equation of state for water [15]. For the soil phase, stress
increment is described by an incremental plasticity model proposed by Bui and Fuk-
agawa [7], combining the Drucker-Prager (DP) yield criterion and the associated
flowing rule.

In order to describe the coupling of water and soil, frictional forces [9] are used to
simulate the interaction effect, considering the fluid density qw (1000 kg/m3), gravi-
tational acceleration g, porosity n, permeability k, and velocity difference. The B-spline
smoothing function, providing a smoothing curve and high efficiency, is used as the
smoothing kernel function. To realize a better physical meaning of the boundary, this
research adopted the boundary treatment method by Takeda et al. [16] and Morris et al.
[17]. It assumed that the boundary particle has a virtual velocity, and its effect on the
moving particle is determined according to the relative distance of two particles. The
second order Runge-Kutta method is employed as the time integration method, where
the time step Δt is constrained by the Courant-Friedrichs-Levy (CFL) condition [9].
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2.2 Parallel Implementation

The OpenMP environment has been selected to conduct the parallel implementation for
its simplicity and flexibility. OpenMP is a programming API that supports a
multi-threading platform with shared-memory architecture, using a fork-join model to
allocate a master thread that forks a specified number of slave threads running con-
currently on different processors [4]. OpenMP provides a set of compiler directives and
callable runtime library routines that extend C, C++, or FORTRAN, to express par-
allelization. The section of code that is meant to run in parallel is marked with a
preprocessor directive, #pragma omp parallel or #pragma omp parallel for, that causes
a thread to be spawned before the section is executed. For the nature of shared memory,
when one memory that is used by a thread is updated with new information, the change
needs to be reflected to other threads, otherwise different threads will be working with
incoherent data, yielding wrong results.

The Nearest Neighbor Particle Search (NNPS) subroutine contributes the largest
part of time consumption and its parallel implementation is of great difficult. Different
threads will access a same address simultaneously and incorrect computing will appear
if memory consistency is not strictly guarantied. To deal with this problem, the
Linked-Cell method is adopted as the NNPS method to obtain a higher efficiency. It
firstly places cells on the problem domain, and then neighboring cells will be deter-
mined, if given the total number of cells at each coordinate (nXm, nYm, and nZm). It is
easy to find out that the number of neighboring cells for an internal cell is nine for two
dimensions and 27 for three dimensions. When searching nearest neighbor particles,

Fig. 1. Flow chart of improved Linked-Cell searching algorithm.
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only particles in adjacent cells are selected as candidates. The flow chart of Linked-Cell
searching algorithm is shown in Fig. 1, where celllink is a variable storing neighboring
cell IDs, cellno is the cell ID that a particle belongs to, cellinfo stores particle IDs of
cell, influ stores supporting particle IDs, and wij stores smoothing function values.

To make the parallel implementation of the NNPS subroutine, the flow of
Linked-Cell searching algorithm has been improved as Fig. 2. We defined independent
variable cellinfo for each thread, which had no storage association with the same
variable outside, and after the execution of parallel region for the loop of particle
number ntotal, independent cellinfo was summed to the total cellinfo using the parallel
region for the loop of total cell number ctotal. This improvement avoided the accessing
confliction and guaranteed the memory consistency. After that, a fully parallelized SPH
algorithm has been proposed and a computing program was written using the C++
programming language.

Fig. 2. Flow chart of parallelized Linked-Cell searching algorithm.
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3 Simulation Cases of Dike Seepage Failure

Simulation cases of dike seepage were based on a model test, which was to reveal the
failure process of Yabe River in Japan caused by the water level-up of rainfall. The
dimension of the model test is shown in Fig. 3(a). In the test, dike body was mainly
consisting of Fujimori clay. Silica sand was used in the base layer of dike to form a
cushion of high permeability, as shown in Fig. 3(c). From the soil experiments, Fuji-
mori clay had a very small permeability around 1.0 � 10−7 m/s while the Silica sand
was of high permeability around 1.0 � 10−5 m/s. In order to simplify the calculation,
density of soil particles was set to 2644 kg/m3 and porosity was set to 0.53. According
to the different arrangement of sand, two cases in Fig. 3(b) and (c) were simulated.
Detailed parameters are presented in Table 1.

(a) dimension 

(b) case 1

(c) case 2
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Fig. 3. Simulation cases of dike piping failure test.

Table 1. Simulation parameters.

Parameter Value Parameter Value

Density 2644 kg/m3 Internal friction angle 29°
Void ratio 0.53 Cohesion 1250 Pa
Elastic module 1.0 MPa Compression index 0.008
Poisson ratio 0.25 Time steps 1.2 � 10−5 s
Total particles 13881 Total steps 9 � 106 steps
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In the simulation, soil particles and water particles were initially stationary, but
could move under gravity, stress and interaction forces. Rising water level was pro-
duced in the way that inlet particles were changed to water particles. Initial geo stress
was generated using the elastic model, and after that, soil behavior was described by
the D-P model.

4 Analysis Results and Parallel Efficiency

The SPH simulated second invariant of strain was showed in Fig. 4 at 4.5 million and
9.0 million steps, respectively. It demonstrated that the invariant value increased with
time. At the end of simulation, an area of high strain has appeared at the left part of
both cases, because of the accumulated pore water pressure and the reduced effective

Fig. 4. Simulated second invariant of strain.

Fig. 5. Simulated piping process (yellow particles: soil and blue particles: water)
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stress. It is also found that Case 2 had a larger shear zone in the right part for the
influence of high permeable base layer. The seepage process from SPH simulations is
presented in Fig. 5. It is obvious that Case 2 had more drained water than Case 1 in the
right side of dike, demonstrating the effect of high permeable layer in Case 2.

In terms of the parallel efficiency shown in Fig. 6, simulations of Case 1 and Case 2
using 12 threads of Intel Xeon 2690 V3 took about 22 h, while using 6 threads the
consumed time was almost 40 h. It can be seen that the parallel implementation can
make good use of multi-core technology of CPU and greatly improve the efficiency.

5 Conclusions

To conduct the parallel implementation of the water-soil-coupled SPH analysis, this
work proposed a SPH model considering the water-soil coupling and conducted the
parallel implementation using the OpenMP environment, based on the basic principle
of SPH method, Drucker-Prager model, and the theory of porous media. In order to
improve the efficiency, an improved neighboring particle searching algorithm was
proposed based on the linked-cell searching method. Using the proposed SPH model,
we conducted the simulations of seepage failure test of dike, and from the simulations,
the effect of permeability on the seepage has be revealed to some extent. Meanwhile,
the parallel implementation has been proven to be an effective way that makes good use
of multi-core technology of CPU and benefits other numerical methods in geotechnical
engineering.

Fig. 6. Time consumption with different number of threads
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Abstract. The hydrostatic pressure calculation method, which cannot consider
the block effect of the underground structure on seepage, is used to calculate the
buoyancy of the underground structures in practice nowadays. This will lead to
inaccurate calculation of buoyancy. A series of finite element analysis are
conducted to investigate the water level distribution around the structure under
the condition of the seepage. The influence factors and the distribution rules of
the underground water level around the structures are revealed based on the
results from FEM. Then an empirical method is proposed to calculate the
underground water level around the structure considering the block effect of the
underground structure on the seepage. Through validation, the proposed method
is proved to be reasonable to calculate the underground water level for calcu-
lation of buoyancy on structures considering the block effect of structures on
seepage.

Keywords: Seepage � Underground structure � Underground water level

1 Introduction

Plenty of underground structures are constructed as the development of the cities.
Anti-floating becomes one of the key ingredients of the design of the underground
structures, especially at those places where the underground water level is high.
According to the design method, the buoyancy on the underground structures depends
on the underground water level. However, the underground water level will be affected
by the block effect of underground structures on seepage [1]. In order to evaluate the
buoyancy on the underground structures accurately, it is necessary to estimate the
underground water level considering the block effect of underground structure on
seepage firstly.
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Many studies have been carried out to study the effects of underground structures
on the seepage of the underground water [2–8]. Pope and Ho [3] pointed out that the
underground water level would be raised due to the block effect of underground
foundations on seepage through FEM analysis. Brassington [5] and Cao et al. [9]
pointed out that even the presents of the piles would change the underground water
level. Ding et al. [6] found that the constructions of the underground structures changed
the underground water level of Hongkong. Xu et al. [10–12] found that the alternation
of different soil layers influenced the block effect of the underground structures on
seepage. Fan [13] and Zheng et al. [14] carried out several tests to investigate the
influence of underground structures and the dimensions of the underground structures
on the seepage. Although the influence is significant, the influence rules are still not
clear due to too less tests are carried out. The influence of the underground structures
on the underground water level considering the seepage still cannot be estimated based
on the existing researches.

In order to find an empirical method to estimate the underground water level
considering the effect of the underground structures on seepage, a serious of FEM
studies are carried out to investigate the underground water level considering the block
effect of underground structure on seepage.

2 Numerical Analysis

2.1 Finite Element Model

The mesh of the calculation model is shown in Fig. 1. The pore pressure element is used
in the model. The relative parameters are as following, the soil gravity c = 1700 kN/m3,
the soil void ratio n = 0.7, the soil permeability coefficient k = 5�10−5 m/s, the soil
modulus E = 10 MPa, the Poisson Ratio m = 0.35. The hydraulic gradient is set as 2%.
The length of the underground structure is set as 10 m, the width of the underground
structures is set as 40 m, the depth of the underground structures is set as 30 m. Herein,
dimension of the model is set as 200 m � 200 m � 100 m(width � length � depth).

Fig. 1. Mesh of the model
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2.2 Influence of Underground Structure on Underground Water Level
in Homogeneous Soil

Firstly, the dimensions of the underground structures are changed in different calcu-
lation cases to investigate the influence of the dimensions of the underground structures
on the underground water level considering the seepage. As shown in Fig. 2, the width
of the structures influences the underground water level significantly. Based on the
same hydraulic gradient, the difference of the underground water levels at the upstream
of the underground structure increases linearly with the width of the underground
structure. The influence of the structure length on the underground water level keep
constant when the length is larger than 30 m. The influence of the structure depth on
the underground water level also keep constant when the depth is larger than 0.3 m.

Then, the hydraulic gradient is changed in different calculation cases to investigate
the influence of the hydraulic gradient on the underground water level around under-
ground structures considering the seepage. As shown in Fig. 3, the difference of the
water level at the upstream of the structure increases linearly with the increase of the
hydraulic gradient. While the difference of the water level at the downstream of the
structure decreases linearly with the increase of the hydraulic gradient.

2.3 Influence of Underground Structure on Underground Water Level
in Layered Soil

To find the influence of the difference of the soil permeability between the soils on the
effect of underground structures on the seepage in layered soils, a two-layer soil system

(a) influence of structure width (b) influence of structure length (c) influence of structure depth

Fig. 2. Water level increment influenced by the structure dimension
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is analyzed herein. The system is shown in Fig. 4. As shown in Table 1, six cases are
calculated. In those cases, GK1-6 respectively represent the ratio of the permeability
coefficient of the upper layer to that of the lower layer is set as k1=k2 ¼
10�4; 10�3; 10�2; 0:05; 0:1; 1. And two structure depths are chosen for each case. The
calculated maximum water level increase ratio is shown in Table 1. It can be seen, the
soil permeability difference between the soils also influences the maximum water level
increase ratio when considering the effect of the underground structure on seepage.

3 Simplified Method

Based on those calculations, an empirical method is proposed herein. As shown in
Fig. 5, the distribution of the underground water level along the widthwise line at the
upstream of the structure is similar to a normal distribution curve. The maximum water
level increase occurs at the center of the upstream of the structure. Thus, the distri-
bution of the underground water level along the widthwise line at the upstream of the
structure can be calculated by Eq. (1).

hy � hy¼100

hy¼0 � hy¼100
¼ e� 0:1 ln b=d0ð Þ þ 0:83½ �� 2�y=bð Þ2 ð1Þ

Figure 6 shows the relationship between maximum water level increase ratio and
the dimension of the structure. To fit all the curves in Fig. 6, the maximum water level
increase ratio can be calculated as following.

ðhb � h0Þ=ði � lÞ ¼ A lnðd0=bÞþB ð2Þ

k1 k1

k2

Layer 1

Layer 2

Structure

H
1=

95
m

H
2=

91
m

D
=1

00
m

L=200m

D
1 =
30

m
D

2 =
70

m

Fig. 4. Structure in a two-layer system

Table 1. Water level increment influence by the ratio of soil permeability coefficient

Structure dimension
b � l � d′

Water level increment ratio Dh
0
=il

GK1 GK2 GK3 GK4 GK5 GK6

40 � 10 � 40 0 0 0.2% 0.9% 1.7% 11%
40 � 10 � 50 0 0 0.1% 0.6% 1.1% 6.5%
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where, hb is the underground water level when there is structure at the center of the
upstream of the structure, h0 is the underground water level when there is no structure,
d′ is the effective structure depth.

In order to make the empirical method suitable to the structures in layered soil, we
assumed that the soil is divided into two layers separated by the bottom of the structure.
All the layers above the bottom of the structure are assumed to be one equivalent
layered. For example, the permeability of the equivalent layered in Fig. 4 can be
calculated by the following equation.

k
0
1 ¼ ½k1D1 þ k2ðd � D1Þ�=d ð3Þ
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Fig. 5. Water level along the widthwise at the upstream of the structure
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Fig. 6. The relationship between maximum water level increment ratio and the structure depth
and width ratio in layered soil
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The coefficients A and B in Eq. (2) are related to the soil permeability coefficient.
The relationship of those two coefficients and the soil permeability coefficient ratio is
shown in Fig. 7. Fitting the curves in Fig. 7, Eq. (2) can be expressed as following.

ðhb � h0Þ=ði � lÞ ¼ ½�0:025 � lnðk0
1=k2Þþ 0:24� � d0=l � lnðd0=bÞ

þ d0=l � ½�0:03 � lnðk0
1=k2Þ � 0:47�

ð4Þ

It is clear that the block effect of the underground structure on seepage increases the
underground water level at the upstream of the structure comparing to the static
underground water level. And it decrease the underground water level at the down-
stream of the structure. As shown in Fig. 8, we can calculate the buoyancy on the
underground structures based on the static underground water level when we obtain the
difference of the underground water level through Eq. (4).

The pore pressure at the bottom of the structure, which is used to calculate the
buoyancy of the structure, can be calculated by the following equation according to the
calculated water level considering the seepage.

P
0
b ¼ cwhb ð5Þ

Fig. 7. Coefficient related to the soil permeability coefficient

P'b P0 P'b P0

hbh0 h'0 h'bupstream downstream

Fig. 8. Distribution of pore pressure around the structure
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4 Verification

The multi-layer soil system shown in Fig. 9 is analyzed by the proposed method. As
seen in Fig. 9(a), a underground structure, the dimension of which is 40 m � 10 m
(Depth � Length), is placed in the three-layer soil system. The depths of the three
layers of the soils are 30 m(D1), 30 m(D2) and 40 m(D3). The permeability coefficients
of the soils are k1 ¼ 5� 10�6 m/s, k2 ¼ 1� 10�4 m/s and k3 ¼ 1� 10�5 m/s. Firstly,
make the three-layered soil system equivalent into two-layered soil system which is
shown in Fig. 9(b). According to Eq. (3), the equivalent permeability coefficients of the
two layers of the soil are k

0
1 ¼ 2:87� 10�5 m/s, k

0
2 ¼ 4� 10�5 m/s. The maximum

underground water level increments at the upstream of the structure calculated by the
FEM and the empirical method are shown in Table 2. It can be seen that the results
calculated from the empirical method fit the results from the FEM well for all those
cases. We can conclude that the proposed method is reasonable to evaluate the
underground water level considering the effect of the underground structure on
seepage.

5 Conclusion

A serious of FEM analysis on underground water level considering the effect of
underground structures on seepage were carried out herein. Through the FEM analysis,
it is found that the boundary effect can be ignored when the structure length and the
model length ratio is less than 0.1, the structure width and the model width ratio less

(a) Three-layer soil system               (b) Equivalent two-layer soil system
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Table 2. Comparison of maximum water level increment calculated from FEM and proposed
method in multi-layer soil

Structure dimension
b(m) � l(m) � d(m)

Maximum water level
increment(m)

Difference

FEM Proposed method

10 � 10 � 40 −0.128 −0.108 15%
20 � 10 � 40 −0.237 −0.224 5.5%
40 � 10 � 40 −0.355 −0.335 5.6%
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than 0.4 and the structure depth and the model depth ratio is less than 0.6. The
dimensions of the structure and the ratio of different soil permeability coefficients
influence the effect of underground structure on seepage significantly. And an empirical
method is proposed to calculate the underground water level around the structure
considering the effect of structure on seepage. Through validation, it is found that the
proposed method is reasonable to calculate the underground water level, which is used
to calculate buoyancy on the structure, considering the seepage.
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Abstract. Basalt platform landslide triggered by rainfall is one of the most
important landslides in China, which is highly dangerous. Based on the
saturated-unsaturated seepage theory, this paper adopts finite element method to
simulate the unsteady seepage of basalt platform slope under continuous rainfall,
so as to analyze the distribution characteristics of seepage field inside the slope
and the influence of matric suction on slope stability. The results show that:
(1) Vertical infiltration is the main form for slope seepage filed above ground-
water level and bedding flow is the main form below groundwater level;
(2) Cracks are beneficial to rainfall infiltration and catchment areas are formed at
the crack of the top; (3) Rainfall intensity and weak layer have an inverse
relationship with the factor of safety of slope; (4) Matric suction has the effect to
enhance slope stability.

Keywords: Basalt platform slope � Rainfall infiltration � Cracks
Numerical simulation

1 Introduction

In recent years, with the increase in the number and scale of construction projects,
landslide hazards occur frequently in basalt platform areas, resulting in the increase in
losses and damages year by year. According to the past researches, rainfall infiltration
has an important influence on slope stability [1]. Rainfall infiltration changes the water
content in the unsaturated area of the slope; with the increase in water content, the
matric suction in the unsaturated area of the slope decreases accordingly, which has
great influence on soil strength [2]. Heavy rain will cause dramatic decrease of negative
pore water pressure and lead to decrease of shear strength [3]. Research indicated that
the factor of safety of slope decreases with the duration of rainfall [4]. In addition, the
slope stability will be influenced by rainfall intensity [5].

Most soil slopes containing a weak layer are easily softened in the presence of
water due to its poor physical and mechanical properties, which will easily reduce the
shear strength of soil. The weak interlayer will cause the change of rainfall infiltration
distribution, thus reduce the slope stability [6]. In addition, the cracks are beneficial to
the infiltration of rainfall into the underlying soft layer, thus forming a sliding surface.

© Springer Nature Singapore Pte Ltd. 2018
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For expansive soil slope containing cracks, rainwater goes deep into the soil along the
cracks resulting in the reduction of suction and strength of the soil. Therefore it is
necessary to take the influence of cracks into consideration [7]. After taking cracks into
account, the factor of safety of expansive soil slope significantly reduces [8]. At pre-
sent, there are few researches on the failure of basalt platform slope. For example, there
is no systematic understanding of the influence of basalt vertical cracks and weak layer
on the slope stability. Therefore, the failure mechanism of basalt platform slope needs
further investigation.

This paper adopts Geo-studio to simulate the unsteady seepage of the basalt plat-
form slope under continuous rainfall based on the saturated-unsaturated seepage theory,
and draws the distribution of seepage field. It compares the seepage field and stability
of slope under different conditions, analyzes the influences of rainfall intensity, rainfall
duration and the thickness of weak layer on slope stability, and discusses the influence
of rainfall infiltration on matric suction and shear strength of soil, which will provide
reference for the analysis of deformation and failure of basalt slope.

2 Seepage Analysis of Basalt Platform Slope

2.1 Basic Equation

In unsaturated soil, the permeability coefficient is a variable and a function of saturation
or moisture content. When the main direction of penetration is consistent with the
coordinate axis, two-dimensional differential equation for unsaturated soil seepage is as
shown in Eq. (1):

@

@x
kx
@h
@x

� �
þ @

@y
ky
@h
@y

� �
¼ cw

@hw
@w

@h
@t

ð1Þ

kx and ky are the permeability coefficient of direction x and y. cw is the unit weight
of water; hw is the volumetric moisture content; w is soil suction; h is the total hydraulic
head and t is time.

2.2 Calculating Model

A numerical model is established by taking a basalt landslide in a highway section as
an example. The prototype slopes can be divided into three layers: upper, middle and
lower layer, respectively being clayey soil containing gravel, basalt weathered soil and
clayey soil (weak layer). According to a contrastive analysis of the topographic slope of
114 landslides in the basalt platform region of Zhejiang, it is discovered that the
landslides in the basalt platform region mainly occur to slopes with the gradient of 0°–
30°, especially during the range of 10°–20° [9]. Therefore, the landslide is divided into
three sections in modeling, the gradient of which is 30°, 15° and 10° respectively. The
simulated model is as shown in Fig. 1.

The contact surface between the bedrock of the model and the bottom of the slope
is impermeable boundary, the constant flow of which is zero. The rainfall process is
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simulated at the upper boundary of the model and the experimental conditions are set as
continuous rainfall. It is assumed that the initial groundwater level is located at the
bottom of the slope.

In order to study the influence of soft layer thickness on the seepage field of slope, 3
groups of model geometries are designed in this numerical simulation. Maintaining the
total thickness of 60 cm, the thickness of weak layers is respectively 20 cm, 10 cm and
0 cm. The specific model scheme is as shown in Table 1.

2.3 Materials Properties

In the seepage analysis, the soil materials are clayey soil containing gravel, basalt
weathered soil and clayey soil, the physical properties of which are shown in Table 2.

Considering that the soil skeleton is incompressible, the average value of measured
data is used as the setting value of saturated moisture content of the soil. However, the
permeability coefficient of the soil material will vary according to the variation of water

30°

15°

10°

Middle section 

Lower section 

Upper section 

Weathered basalt soilCohesive soil

2m 2m 2m

2.
04

3m

1m 1m 1m 0.5m

Groundwater level 

Cohesive soil with crushed stone

Fig. 1. Model diagram

Table 1. Model scheme

Model
number

Upper layer: cohesive soil
with crushed stone (cm)

Middle layer:
weathered basalt
soil (cm)

Lower layer:
cohesive
soil (cm)

1 8 32 20
2 10 40 10
3 12 48 0

Table 2. Index properties of the three soil materials used in the seepage analysis

Soil materials Saturated
water content
(m3·m−3)

Residual
water content
(m3·m−3)

Permeability
coefficient
(m·s−1)

Specific
gravity
(kN·m−3)

Cohesion
(kPa)

Internal
friction
angle (°)

Cohesive soil
with crushed
stone

0.45 0.06 1.53 * 10−5 19.1 15 9.5

Weathered
basalt soil

0.42 0.05 1.12 * 10−5 18.8 24 25

Cohesive soil 0.59 0.1 8.00 * 10−7 16.2 20 24
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content, the hydraulic characteristics of the soil material, i.e. the permeability coeffi-
cient curve and soil water characteristic curve, shall be calculated before seepage
analysis is carried out. In this simulation, the soil and water characteristic curve is
estimated according to empirical characteristic curve of the material.

2.4 Characteristics of Seepage Field of Slope

The soil slope is in unsaturated-saturated state during rainfall with complex seepage
field condition. The control variables in simulation test include rainfall intensity
(60 mm/h and 30 mm/h); thickness of the weak layer (20 cm, 10 cm and 0 cm); In
addition, since the vertical cracks of basalt weathered soil is rather developed, a group
of test without cracks is used as a control. The test conditions are as shown in Table 3.

The simulation results are as shown in Fig. 2. The red lines in the test slope
represent vertical cracks. The black lines represent the dividing lines of different layer
areas, which are, from top to bottom, clayey soil containing gravel, basalt weathered
soil and clayey soil with weak layer. The dark blue line represents the water level.

Figure 2(a) shows the seepage characteristic of the test A. The seepage velocity is
the fastest in the cracks and catchment areas are easily formed on the top of cracks. In
the slope, the upper seepage velocity is larger, followed by the middle layer. The lower
part is clayey soil, which has very small permeability coefficient and the smallest
seepage velocity. In addition, at the bottom of the slope, there is large seepage velocity.
The water level passes through the cracks and forms a smaller crest. In the upper area
near the water level, the direction of seepage is relatively smooth.

From the seepage characteristic of the test B in Fig. 2(b), we can find that the
seepage velocity decreases successively from top to bottom while the seepage velocity
is rather large at the toe of the slope. Besides, near the interface of the basalt weathered
soil and the clayey soil, the direction of seepage velocity changes greatly. Compared
with test A, the water level within the slope containing no cracks is lower than that in
the slope containing vertical cracks.

It can be seen from Fig. 2(a) and (c), the greater the rainfall intensity is, the greater
the saturated area within the slope is, the water level rises rapidly and the water line is
higher. The water line in the slope of test D in Fig. 2(d) is higher than that in the slope
of test C, which means the influence of weak layer thickness decreasing from 20 cm to
10 cm on slope seepage is smaller than the influence of rainfall intensity decreasing
from 60 mm/h to 30 mm/h. Figure 2(e) shows the pore water pressure distribution of
slopes containing no weak layer in test E, the water level rises the highest and the pore
water pressure line is substantially parallel to the substrate. The direction of seepage is
basically parallel to the water level in the soil below the water level.

Table 3. Simulated test groups and conditions

Simulated test groups A B C D E

Rainfall intensity (mm·h−1) 60 60 30 60 60
Thickness of weak layer (cm) 20 20 20 10 0
Vertical fractures Yes No Yes Yes Yes
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Figure 3 shows the variation curves of pore water pressure in different soil layers
under the condition of test A. Three measuring points, respectively the upper, middle
and lower one, are laid at the level of 10 cm, 30 cm and 50 cm. The curves have
similar variation law. The middle and upper pore pressure variation range is smaller
than the middle and lower pore pressure variation range. It is because that the upper
part is unsaturated area while the middle and lower part are saturated areas.

(a) Test A                                                                         (b) Test B

(c) Test C                                                                         (d) Test D

(e) Test E

Fig. 2. Characteristic of seepage field in the slope

Fig. 3. Variation curves of pore pressure in different soil layers
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3 Calculation of Slope Stability During Rainfall

3.1 Effect of Rainfall Intensity and Thickness of Weak Layer on Slope
Stability

Based on the pore pressure distribution results, the minimum factors of safety of slope
at each moment are calculated based on the theoretical foundation of Mohr-Coulomb
Criterion and Bishop Method. According to the simulation results, the factors of safety
of slope under various conditions are shown in Fig. 4.

From the Fig. 4, we can find that the factor of safety of slope containing no cracks
is higher than that of slope containing cracks through comparing the Test A and Test B.
The factor of safety decreases by 12.96% when the cracks exist in the stratum. The
cracks will increase rainfall infiltration, lead to decreases of soil strength and reduction
of slope stability. The greater the rainfall intensity, the smaller the factor of safety is. As
the rainfall intensity increases from 30 mm/h to 60 mm/h, the factor of safety decreases
by 52.38%. It can be observed through comparing the Test A, Test D and Test E,
remaining equal rainfall intensity, the greater the thickness of weak layer is, the smaller
the factor of safety is. The comparison of test C and D illustrates again that there is
greater influence on slope stability when the rainfall intensity changes 30 mm/h than
when the thickness of weak layer changes 10 cm.

3.2 The Influence of Matrix Suction on Shear Strength

Figure 5 show the pore water pressure distribution, matric suction distribution and /b

(/b refers to the internal friction angle related to matric suction) distribution on the
sliding surface under the condition of test D.

The pore water pressure increases first and then decreases with the sliding slope,
and reaches maximum 1 cm away from the initial section of the sliding surface. The
matric suction is related to the saturated area in the slope. The matric suction decreases
from 0.26 kPa to zero from the starting point of the sliding surface to 0.2 m. Com-
bining Fig. 6, it can be seen that the sliding surface is below the water level of the slope
at this time, and the area of sliding surface is completely saturated and the matric

Fig. 4. Minimum factor of safety for each group
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suction is zero. According to /b curve, all the values of the sliding surface are positive,
which is the inherent property of the sliding surface. Its matric suction is not only
related to /b, but also related to the distribution of pore water pressure.

Figure 7 shows the factor of safety of slope without matrix suction under the
condition of test D, namely setting /b as zero while keeping other parameters
unchanged. The minimum factor of safety obtained through the numerical simulation is
1.823. Compared with 1.943 in test group D, it increases by 6.5% which is a bit small.
In addition, considering that the area of the sliding slope in the unsaturated zone is
small, namely, the area where the matric suction can exert effect is small, the result of
the test shows that the matric suction has an important effect on the slope stability and
the factor of safety of slope is larger when considering the matrix suction.

4 Conclusion

In this paper, the slope seepage field distribution characteristics and the impact of
matric suction on slope stability during rainfall using numerical simulation are ana-
lyzed. The main conclusions are as follows:

Fig. 5. Distribution of pore pressure (a), matrix suction (b) and /b on sliding surface (c)

Fig. 6. Factor of safety of slope for test D Fig. 7. Factor of safety of slope without
matrix suction
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(1) The seepage field in the slope has obvious differentiation characteristics with the
groundwater level line as the boundary: vertical infiltration is the main form for
slope seepage filed above groundwater level and bedding flow is the main form
below groundwater level; there is a big turning point in the direction of seepage
near the water level line.

(2) Vertical cracks have influence on the distribution of seepage field. Cracks are
beneficial to rainfall infiltration and catchment area will be formed at the top of
cracks. The factor of safety decreases by 12.96% when the cracks exist in the
stratum.

(3) The increase in rainfall intensity and thickness of weak layer will reduce the factor
of safety. The numerical simulation shows that there is greater influence on slope
stability when the rainfall intensity changes 30 mm/h than when the thickness of
weak layer changes 10 cm.

(4) The pore water pressure and the matric suction will change the stability of the
slope. The increase of pore water pressure will reduce the factor of safety of slope,
while matric suction has certain strengthening effect on slope stability, yet the
strengthening effect is not obvious for basalt weathered soil. The factor of safety
of slope with matrix suction increases only by 6.5%.

Acknowledgments. This work is supported by National Key R&D Program of China (NO.
2017YFC0806004), Fundamental Research Funds for the Central Universities, National Natural
Science Foundation of China (NO. 41602287), Key Project of Natural Science Foundation of
China (NO. 41731283) and National Natural Science Foundation of China (NO. 41372272).

References

1. Cho, S.E., Lee, S.R.: Evaluation of surficial stability homogeneous slope considering rainfall
characteristics. J. Geotech. Geoenviron. Eng. 128(9), 756–763 (2002)

2. Wu, J.J., Wang, C.H., Li, G.X.: Influence of matric suction in unsaturated soils on slope
stability. Rock Soil Mech. 25(5), 732–736 (2004). (in Chinese)

3. Anderson, M.G., Richards, K.S. (eds.): Slope Stability: Geotechnical Engineering and
Geomorphology. Wiley, Chichester (1987). 620 pp

4. Huang, R.Q., Qi, G.Q.: The effect of unsaturated soil suction on slope stability. J. Eng. Geol.
10(4), 343–348 (2002). (in Chinese)

5. Ng, C.W.W., Shi, Q.: Influence of rainfall intensity and duration on slope stability in
unsaturated soils. Q. J. Eng. Geol. 31(2), 105–113 (1998)

6. Wang, R., Zhang, G., Zhang, J.M.: Centrifuge modeling of rainfall-induced deformation of
slopes with weak layers. Chin. J. Geotech. Eng. 32(10), 1582–1587 (2010). (in Chinese)

7. Chen, T.L., Deng, G., Chen, S.S., et al.: Effects of fissures on stability of unsaturated soil
slope. Chin. J. Geotech. Eng. 02, 210–215 (2006). (in Chinese)

8. Chen, S.X., Dai, Z.J., Lu, D.J., et al.: Stability analysis considering fracture distribution and
strength for expansive soil slope. J. Hydraul. Eng. 45(12), 1442–1449 (2014). (in Chinese)

9. Tang, X.M., You, S.Y., Shang, Y.Q.: Geomorphic features of basalt platform and geological
disaster in Zhejiang Province. J. Zhejiang Univ. Nat. Sci. 36(2), 231–235 (2009). (in Chinese)

314 Z. Shi et al.



A Finite Element Analysis of Stress Change
in Pavement Subjected to Freeze-Thaw

Bin Luo1, Tatsuya Ishikawa1(&), and Tetsuya Tokoro2

1 Hokkaido University, Kita 13, Nishi 8, Kita-Ku, Sapporo, Japan
bin-luo@eis.hokudai.ac.jp, t-ishika@eng.hokudai.ac.jp

2 National Institute of Technology, Tomakomai College, 443 Nishikioka,
Tomakomai, Japan

Abstract. The prediction of stress change in pavement structure is quite
essential for the design, construction, and maintenance of pavement in the
seasonal cold region. Much attention is concentrated on the change of elastic
modulus of soils due to freezing and thawing. To overcome the limitation of
conventional design method, in which the elastic modulus of materials needs to
be assigned manually to various thermal state layer by layer, a comprehensive
analysis method is proposed in this study. This analysis can specify
temperature-dependent modulus, and a typical pavement in the cold region was
selected and simulated. It is revealed that snow cover on footpath can affect the
thermal pattern in the pavement, which leads to differential frost penetration
along the cross-section of the pavement. The stress change induced by frost
action of soil shows the reverse trend between frozen and unfrozen (thawed)
layers. The stress increment in subgrade during spring season should be
accounted properly.

Keywords: Stress change � Freezing and thawing � Flexible pavement

1 Introduction

In the seasonal cold region, the pavement is exposed to climatic change which causes
periodic temperature change and freeze-thaw of soils in the pavement. For porous
material like soil, the phase transition of pore-water to ice results in changes of the
physical and mechanical index including permeability, thermal properties, and elastic
modulus, etc. These changes highly affect the performance of the pavement structure
which is treated as a multilayer system in engineering design. A series of the study was
conducted to investigate the relation between change of resilient modulus and
freeze-thaw of soils by former researchers [1–3], along with thaw weakening of pave-
ment structures [4]. The in-situ survey and laboratory experiments were carried out to
investigate the effects of climatic change and material properties on mechanistic-
empirical pavement design (MEPDG) in cold region; it is indicated that there is a need to
consider elastic modulus related to freezing and thawing for the design based on mul-
tilayer elastic theory [5]. Recently from an investigation on the stress distribution in the
ground beneath pavements, the change of stress distribution associated with freezing
and thawing was pointed out [6]. For the conventional stress analysis method, the value
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of elastic modulus needs to be assigned manually for frozen and thawed stage; a
time-depend stress change is hard to be achieved. The prerequisite for accurate stress
analysis is the determination of temperature distribution in the pavement; then the proper
elastic modulus values can be set. As the thermal analysis is a complex boundary value
problem, which is also associated with seepage analysis, a comprehensive analysis
method that can implement multi-field analysis is expected. In this study, the GSUPRA
software is applied for analysis [7], and the governing equations, numerical model,
material properties, boundary conditions and analysis procedures were presented first.
Then freezing and thawing pattern of pavement is discussed. Finally, the stress change
caused by the change of elastic modulus is revealed.

2 Governing Equations

A coupled thermo-hydro-mechanical model is applied to characterize the freeze-thaw
behavior of soils in the pavement structure [8]. As pavement soil is unsaturated in most
occasions, the unsaturated-saturated seepage flow should be properly considered and is
described as below
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Where xi, xj = Cartesian coordinates; kij = hydraulic conductivity of soil; uw =
pore-water pressure; qw = density of water; g = gravitational acceleration; z = eleva-
tion head; n = porosity; Se = effective degree of saturation; Kw = bulk modulus of
pore-water; t = time; aT = thermal expansion coefficient of water; T = temperature;
ev = volumetric strain.

The relation between negative pore-water pressure termed as matric suction and the
effective degree of saturation for unsaturated soils are formulated by the widely used
van Genuchten (VG) model.

w ¼ 1
a

Seð Þk= 1�kð Þ�1
h i1=k

ð2Þ

Where w = matric suction; a, k = constants.
The climatic change drives temperature variation in pavement and results in

freeze-thaw of pavement soil. The heat transfer is governed by Eq. 3, in which the first
and second terms on the right side of the equation represent the conductive heat transfer
of soil and convective heat transfer of water flow, respectively. Since the soil is a kind
of porous material, phase change and consumption of latent heat of pore-water should
be taken into consideration. For the sake of simplification, the latent heat is quantified
as part of apparent heat capacity.
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Where C = specific heat of wet soil; q = density of wet soil; kT = thermal con-
ductivity of wet soil; Cw = specific heat of pore-water; vi = average velocity of
pore-water in coordinate direction.

An elastic strain-stress framework is adopted to reproduce the effect of freeze-thaw
on stress change in the pavement soil, which is slightly modified from basic form and is
able to consider the contribution of pore-water pressure, thermal expansion and frost
heave.

1
2
Dij

@uj;i
@t

þ @ui;j
@t

� �
þ @r0

@t
dij

� �
;j
þ qgi ¼ 0 ð4Þ

Where Dij = rigidity matrix; ui and uj = displacements in the coordinate direction;
r0 = stresses are attributable to pore-water pressure, thermal expansion and frost heave;
dij = Kronecker’s delta; gi = acceleration in the i direction.

The elastic modulus is a function of temperature and freeze-thaw cycle.

E ¼
Eu T [ Tf (before frozen)
Ef T � Tf
Et T [ Tf (after thawed)

8<
: ð5Þ

Where E = elastic modulus; Eu, Ef and Et = elastic modulus of unfrozen soil,
frozen soil and thawed soil; and Tf = frozen temperature of the soil dependent on
physical properties.

3 Numerical Model

A typical pavement structure in the cold snowy region, Hokkaido (Kitami city), is
selected and simulated (Fig. 1). The pavement is composed of surfacing layer, base
course, frost protection layer (subbase) and subgrade. In the simulation, only one-half
of the pavement is considered for simplicity, and simulated domain extends 7 m in
width and 5 m in depth. Subsurface layers, which are close to pavement surface and
influenced by climatic change, are given fine meshing (0.1 m) to capture
time-dependent stress change. Elements of larger size (0.25 m) are assigned to lower
part of the model to reduce calculation scale and save computation time. There is no
potential frost heave reported in investigation mentioned before [6], therefore the stress
change induced by frost heave is not accounted. Thermal expansion and contraction are
also ignored to examine the main concern of this study, that is the effects of
frost-induced change of elastic modulus of subsurface soils on stress change in the
pavement.

3.1 Materials Properties

The flexible pavement in this simulation consists of several types of materials. Sur-
facing layer is made of asphalt concrete, while graded gravel (C40) constitutes base
course distributing wheel load to underneath layers. The footpath is constructed by
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using concrete material. Since detailed information on in-situ soils is not available, two
types of volcanic soils used in pavement engineering in Hokkaido are specified for frost
protection layer and subgrade, which may somewhat differ from the field condition. For
frost protection layer, non-frost susceptible coarse-grained volcanic soil (Komaoka
soil) can limit or prevent frost penetration in frost-susceptible subgrade soil and further
load distribution. A representative fine-grained volcanic soil (Touryo soil) is chosen as
subgrade soil.

Representative values for input parameters of these materials are selected for the
sake of generality (Table 1). More specifically, the values of elastic modulus of
unfrozen, frozen and thawed soils are referenced from previous study, in which the
falling weight deflectometer test (FWD test) and resilient modulus test (MR test) are
conducted to estimate the climatic effects on modulus of pavement materials [5]. Note
that the temperature dependence of elastic modulus of asphalt concrete is roughly
considered by specifying two different values for unfrozen and frozen asphalt. It is also
should note that the constant thermal conductivity may reduce the frost penetration in
this research.

3.2 Boundary Conditions

As the ground surface is hardened by impervious material like asphalt concrete and
cement, no infiltration (rainfall and snowfall) is considered. Accordingly, the constant
pore-water pressure is employed at the bottom boundary to achieve constant ground-
water level (2.8 m below surface). A linear suction gradient (negative pore-water
pressure) is set above the groundwater level, then water content is determined based on
VG model. A sinusoidal function is applied to approximate and simplify periodic
temperature variation (Eq. 6) [9], and the recent 5 years’ meteorological data is used to

Fig. 1. Profile of simulated pavement.
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perform curve fitting and determine the coefficients in the equation. Likewise, the
ground temperature at the bottom of the model is also described by a sine function
which is weakened and delayed behind surface temperature (Eq. 7). It is well known
that snow accumulation significantly reduces heat transfer between ground and
atmosphere. The surface temperature of the footpath, therefore, is assumed to be 0 °C
when the air temperature drops below 0 °C and snow fall accumulates on footpath, to
roughly estimate thermal effects of the snowpack.

Ts ¼ Tm þA � sin 2pt
p

þu

� �
þDT ð6Þ

Where Ts = surface temperature; Tm = mean annual temperature, 6.77 °C;
A = surface temperature amplitude, 15.37 °C; t = time (day); p = corresponding per-
iod, 365 days; u = initial phase, –2.98 rad; △T = increment of temperature for black
surface pavement, 3 °C.
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Where Tz = ground temperature; z = depth below the air temperature boundary,
5 m; au = thermal diffusivity, 5.17E–2 m2/day.

Table 1. Physical parameters of materials.

Parameters Asphalt C–40 Komaoka Touryo Concrete

Porosity (n) 0.030 0.230 0.670 0.450 0.050
Constant (a) 1/MPa – 8125.14 121.69 89.63 –

Constant (k) – 1.42 2.09 1.46 –

Specific heat of dry soil (Cd)
J/m3 °C

1.8E + 6 1.8E + 6 1.9E + 6 9.9E + 5 2.0E + 6

Dry density of soil (qd)
kg/m3

2100 2000 1400 1400 2200

Thermal conductivity (kT)
W/m °C

1.45 1.66 2.16 1.61 0.94

Permeability of saturated
soil (ks) m/s

1.0E–10 1.0E–5 1.0E–5 1.0E–8 1.0E–10

Final freezing temperature
(Tf) °C

0 –0.05 –0.10 –0.20 0

Elastic modulus of unfrozen
soil (Eu) MPa

6000 300 200 40 21700

Elastic modulus of frozen
soil (Ef) MPa

12000 2000 2000 2000 21700

Elastic modulus of thawed
soil (Et) MPa

6000 150 100 20 21700

Poisson’s ratio (t) 0.35 0.35 0.35 0.40 0.20
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The initial temperature condition is obtained through a 5 years’ heat transfer till
thermal equilibrium with the temperature boundaries described previously. Distributed
loads are imposed at the surface layer for interested time steps to simulate wheel load
(0.61 MPa), which is derived from standard traffic load (49 kN), and the change of
stress increment induced by traffic load can be studied in this multi-layer system.

4 Results and Discussion

4.1 The Freeze-Thaw of Pavement

Frost line penetrates pavement gradually when the air temperature drops below 0 °C
(Fig. 2). Surfacing layer and base course retain less water, accordingly 0 °C line goes
through these two layers rapidly. However, it takes apparently longer time to freeze
frost protection layer that has a larger water content and heat capacity. For this reason,
the existence of frost protection layer contributes to resisting the advance of frost
penetration into subgrade that always keeps unfrozen.

The snowpack on footpath changes thermal condition in pavement during the
winter season. Figure 3 presents the temperature distribution during the freezing pro-
cess, the temperature under pavement is lower than that under footpath with snow
cover of which thermal conductivity is quite small. This thermal pattern gives rise to a
frost penetration that is not parallel with the ground surface. It is also believed that a
differential cooling accumulation along the cross-section of pavement results in a
special thawing pattern, namely the thawing of the central section of pavement comes
later than that close to the footpath (Fig. 4).

Fig. 2. Temperature history in the pavement.
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4.2 Stress Change in Pavement

The layers below surface become frozen with the advance of frost line, and therefore
the phase change of water bonds soil particles and get the soils stiffer. The mechanical
meaning of this physical change is that elastic modulus significantly increases. A re-
sembling phenomenon is the weakness of mechanical properties of thawed soil during
springtime, namely the decreased elastic modulus is even smaller than the value before
freezing, as freeze-thaw cycle tends to increase the net volume of soil and looser soil
structure decrease resilient modulus [3].

Figure 5 presents stress variation in the pavement during winter and spring, and the
locations of measuring points are represented by red circles in Fig. 1. For the freezing
process, stress in upper frozen layers increases compared with the unfrozen state, while
a decrease of stress is observed in the lower unfrozen layer. The stiffer base course and
frost protection layer enhance load dispersion in a wider region, as a result, the stress in
subgrade soil is reduced. In springtime, the thawing proceeds from both the top
downward and bottom upward with the arrival of warm surface temperature, therefore,
the stress change appears within one month corresponding to the thawing duration of

Fig. 4. Temperature distribution on April
1st.

Fig. 3. Temperature distribution on March 1st.

Fig. 5. Stress variation in the pavement.
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pavement. A reverse tendency is that reduction of stress in thawed upper layers takes
place, while stress concurrently rises in the lower layer. Eventually, stress in base
course and frost protection layer decreases and stress in subgrade increases through the
comparison of unfrozen and thawed values.

The stress in subgrade soil is one of the main concerns in engineering practice. Both
temperature and stress at the top of subgrade (see Point A in Fig. 1) are plotted in
Fig. 6. With the descending of surface temperature, overlying base course and frost
protection layer gradually get frozen, the temperature at Point A drops together with a
decrease of stress. After more than two months heat transfer, the thermal equilibrium is
reached. As a result, temperature sustains a constant that is always slightly above 0,
along with constant stress. The entire pavement is thawed within one month during
subsequent spring season due to two sides warming described previously, and the final
value of stress is larger than unfrozen one.

As we know, the stress and strain level at the top of subgrade can be employed to
estimate the possibility of permanent deformation of pavement indirectly. To quantify
the effect of stress change on the performance of pavement structure, the allowable
number of equivalent 49 kN wheel load (Nfs) is applied to evaluate lifespan of pave-
ment [10]. A larger Nfs represents a longer service time which is calculated by the
empirical equation below.

Nfs ¼ bs1 � 1:365� 10�9 � e�4:477bs2
z

� � ð8Þ

Where Nfs = required number of cyclic wheel loads to cause 15 mm permanent
deformation in layers which results in rutting in flexible pavement; bs1 and
bs2 = empirical correction coefficient; and ez = compressive strain at the top of the
subgrade.

Figure 7 shows the relation between the change of stress at the top of subgrade and
an allowable number of equivalent 49 kN wheel. The decrease of stress temporarily

Fig. 6. Temperature and stress at the top of
the subgrade.

Fig. 7. An allowable number of equivalent
wheel load and change of stress at the top of
the subgrade.
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strengths the ability of the pavement to resist residual deformation during the winter
season. However, the stress increment of 1.73 kPa can highly shorten the service time
of pavement during the spring season compared with the unfrozen state. To alleviate
this problem, load restriction is suggested to account.

5 Conclusions

The following conclusions can be drawn from this study:

1. The thermal pattern in pavement located in the cold region was reproduced. The
snow cover on the footpath that affects temperature distribution in pavement should
be properly considered. The presence of frost protection layer can effectively resist
and limit frost penetration in the subgrade.

2. The stress change in pavement is highly associated with the variation of elastic
modulus that is sensitive to temperature. The stress variation in base course and
frost protection layer presents reverse trend compared with subgrade. The stress
increment of subgrade in springtime may greatly deteriorate the performance of
pavement and shorten its service life.
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Abstract. Measurements of distribution and magnitude of static and dynamic
earth pressures resulting from self-weight and applied loading is essential to the
design, behavior, and performance of many civil engineering-type structures
involving soil-structure interaction. Advancements in testing and instrumenta-
tion have allowed researchers to improve upon the original, now classic ana-
lytical models to predict earth pressures acting on retaining walls, shallow
foundations, and various deep foundation elements. Ideally, soil pressure
instrumentation should be tailored towards the respective engineering applica-
tion and comply with the stiffness of the structural system. In addition, it is
desirable to provide sufficient sensing surface area to avoid pressure localization,
and install the pressure surface flush with its surroundings to minimize arching
effects. A new and simple load cell based pressure sensor with a diameter of
10 cm and a capacity of 144 kPa was developed, built, and deployed in a
large-scale experimental investigation. Upon describing details pertaining to the
design, fabrication, and calibration of the new sensor, results from the
large-scale experimental investigation on dynamic shallow foundation perfor-
mance is presented.

Keywords: Pressure sensors � Instrumentation � Dynamic loading
Shallow foundations

1 Introduction

Seismic soil pressures are of critical importance for the design and construction of
foundation elements in regions with load demands such as earthquake-induced ground
shaking and dynamic loading (e.g., wave motions, impact pressures, or machine
excitations). A wide range of geotechnical instrumentation is commercially available
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for implementation in short term foundation testing and long term monitoring efforts.
Soil pressure sensors are commonly utilized in shallow foundation systems (wind
turbine foundations, mat foundations) and retaining structures. Hereby it is desirable to
capture soil-structure interaction effects across a large area to minimize localization
effects. This manuscript will present a homemade pressure sensor that was employed in
a series of experimental studies (e.g., [3, 4, 7]). Specifically, the paper will describe the
components of the pressure sensor, its versatility, and its implementation in a dynamic
testing program that investigates the pressure distribution beneath a rectangular shallow
foundation excited through eccentric shakers.

2 Newly Developed Simple Soil Pressure Sensor

A schematic of the soil-pressure sensor’s cross section and a photograph of the
assembled pressure sensor are shown in Fig. 1. The sensing face consists of a steel plate
(i.e., sensing plate) with a thickness of about 6.35 mm along the edges and about
9.5 mm in the center, where the plate is in contact with a high precision, commercially
available load cell. This load cell is rigidly connected to the center of the housing. The
load cell (i.e., capacity) is interchangeable, and can be selected to capture the expected
range of pressures. The sensing plate rests on two stiff rubber O-rings located near the
edge of the plate (minimizing potential tilting) and is in intimate and constant contact
with the load cell. The sensing plate has a diameter of 9.5 cm and a sensing area of about
78.54 cm2. The complete housing assembly has an outside diameter of approximately
10 cm (Fig. 1b). To reduce or eliminate arching effects, the stiffness of the material
comprising the sensing plate ensures that no deflection in the plate would occur, which
means that the calibration of the sensor is insensitive to the specific soil material/type
transmitting the pressure to the sensing face. The sampling frequency of the data can be
adjusted depending on the specific type of testing to be performed (i.e., higher frequency
for dynamic testing, and lower frequency for static testing). The limitations of the
sampling frequency are essentially dictated by the capabilities of the respective data
acquisition system. The installation of the sensor can be altered to the needs of each
specific application. For instance, the SPS can be embedded in the carrier structure

Fig. 1. Soil pressure sensor: (a) cross-section A-A schematic view (in mm), and (b) photograph
of complete pressure cell
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though a cut-out or perforation in the carrier element (e.g., concrete cutout). Similarly,
the SPS can be installed with an adapter ring from the inside of a tin-walled hollow
structure. Depending on the application and the stiffness of the material to which the SPS
will be attached, different materials can be used for the sensor housing. For example, the
application presented later in this manuscript, utilized a SPS composed of steel, as the
sensors were embedded in a stiff foundation slab made of concrete. In another experi-
ment by the authors, the sensor housing was made of aluminum [4].

3 Dynamic Calibration

Prior to implementing the sensor in the field, the sensor performance was tested under
static and dynamic loading. A detailed description of the static sensor calibration is
omitted for brevity. A static calibration can be easily performed with manual weights or
universal testing machines if the applied load is well defined and calibrated laboratory
equipment it used.

To evaluate the sensor performance under dynamic loading, particularly the
behavior of the entire sensor assembly (e.g., load cell and housing), a two stage
dynamic calibration setup was developed. First, dynamic loading up to 5 Hz was
applied using a universal testing machine. A pressure sensor with a load capacity of
1110 N (i.e., 144 kPa pressure capacity) was exemplarily selected. Testing in the UTM
consisted of applying a step sine motion with an amplitude of 50 lbs (Fig. 2a). The
frequency of the sine wave was gradually increased from 0.5 to 5 Hz (Fig. 2b). This
frequency range represents typical earthquake motions. Data shown in the plot records
(Fig. 2b) of a reference load cell and the measured response of the pressure cell.
Figure 2b indicates that data from the reference load cell and the newly developed
pressure sensor match reasonably well and discrepancies were less than 10%.

In the second stage of dynamic calibration, the frequency-dependent response of the
pressure sensor under a wider range of frequencies (1 to 16 Hz) was investigated using

Fig. 2. Dynamic calibration using (a) the universal testing machine (UTM) and (b) recorded
data
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small shake table equipment. The shake table setup is shown in Fig. 3a. The shake table
was placed vertically on the pressure sensor and buffered by a 2.5 cm steel plate to allow
for uniform distribution of dynamic pressures on the cell. Another steel plate with a
thickness of 5 cm was used between the pressure cell and the ground floor to ensure a
level surface. Two accelerometers were employed: Accelerometer No. 1 was placed on
the moving part of the shake table to measure the acceleration of the applied motion.
Accelerometer No. 2 was used as reference sensor and placed on the frame of the shake
table. The pressure sensor was subjected to step sinusoidal excitations and frequencies
were increased from 1 to 16 Hz using 2 Hz increments. The net acceleration of the
moving plate (i.e., recording of Accelerometer No. 1 minus Accelerometer No. 2) was
multiplied by its mass (Mmoving = 3.083 kg) to calculate the total applied force on the
pressure cell. The unfiltered force-time histories and the measured force for the pressure
cell are shown in Fig. 3b (top row). An amplitude of 40 mVpp was used for the 2 Hz
loading, while an amplitude of 100 mVpp was selected for frequencies of 4 Hz and
higher. The recorded data were filtered by first transforming the signal from the time
domain to the frequency domain using the Fast Fourier Transformation (FFT), and then
applying a low-pass, 8th order (nf = 8) Butterworth filter to remove frequencies above
16 Hz. Hereafter, signals were transformed back into the time domain using the inverse

Fig. 3. Test setup for dynamic calibration using (a) a shake table and (b) pressure cell response
to dynamic loading: unfiltered (top row), filtered (center row), and calibrated (bottom row)
dynamic signals
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FFT. The static calibration factor was applied to the voltage data, and the filtered
force-time histories are shown in Fig. 3b (2nd row).

Following [2], a frequency dependent transfer function (i.e., a transfer ratio)
between the accelerometer and the pressure cell was defined as the ratio of the Fourier
force amplitude of the accelerometer, Paccelerometer, to the Fourier force amplitude of the
pressure cells (Ppressure cell) at each of the frequencies of the applied motion (i.e., 2 Hz,
4 Hz, 6 Hz, etc.), as expressed in Eq. (1).

TF fð Þ ¼ Paccelerometer fð Þj j
PPressure cell fð Þj j ð1Þ

This transfer ratio is an index of the pressure cell accuracy in recording forces at
different frequencies. The variation of the transfer ratio with the loading frequency is
shown in Fig. 4b. The multiple points can be interpreted as the different response ratios
for continuous cycles at the target frequency. As it can be seen from Fig. 4b, the value
of the dynamic transfer ratio is very close to 1.0 throughout the entire frequency range.
Differences between applied and measured pressures were small (� 15%) and the
sensor assembly has a little impact on the pressure recordings. In order to get more
accurate results and to remove any minor frequency effect from the pressure cell
response, recordings of the pressure cell (Fig. 3) were corrected with the transfer ratios
of Fig. 4b. The corrected sensor response was obtained as the product of the transfer
function and the corresponding pressure sensor recording at each frequency, as
expressed in Eq. (2).

Ppressure cell�corrected fð Þ ¼ TF fð Þ � Ppressure cell fð Þ ð2Þ

The corrected Fourier force amplitude spectra obtained using Eq. (2) was trans-
formed back into time domain using an inverse FFT. Figure 3b (bottom row) presents
the dynamically calibrated force time history of the pressure sensor. The sensor per-
formance can be considered frequency independent.

Fig. 4. (a) Normalized Fourier amplitudes and (b) Transfer function between applied and
recorded acceleration measurements
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4 Example Application: Dynamic Shallow Foundation
Bearing Pressure

The pressure sensors were used in a series of field tests to measure the static and
dynamic vertical contact pressures beneath a shallow foundation slab subjected to
forced vibration and earthquake loading. The applied loading resulted in rocking and
translation of the shallow foundation system. A test structure with steel columns and
braces supporting a concrete top slab supported on a shallow foundation was
purpose-built for this test series. A schematic of the test setup for the foundation and
superstructure is shown in Fig. 5a–c. The foundation consisted of a simple, at-grade
cast-in-place reinforced concrete mat foundation. Its dimensions were 4.3 m long by
2.14 m wide and 0.6 m thick. This thickness was sufficient to consider the slab nearly
rigid. The mat foundation was composed of concrete with a nominal 28-day com-
pressive strength of 27.6 MPa, and was reinforced with No. 5, Grade 60 steel rebar.
The column-slab system with bracing installed had a high fixed-base natural frequency
between of approximately 34 Hz and 22 Hz, in the X and Y directions respectively.
The total structural mass was approximately 22,000 kg, which resulted in a uniform
static bearing pressure of approximately 23.5 kPa. In addition a light lift-frame
(not-shown) was located on the roof slab of the structure during this testing series.

The structure was located at the Wildlife Liquefaction Array (WLA), maintained by
NEES@UCSB (nees.ucsb.edu/facilities/wla), near Brawley, CA. The site stratigraphy
consists of about 2.0 m to 3.0 m of silty clay to clayey silt overlying silt, silty sand, and
sandy silt that is about 3.0 m to 4.0 m in thickness. This relatively coarse layer is
underlain by silty clay to clayey material. The average moist unit weight of the soil was
approximately 17.0 kN/m3. Within the upper 1.6 m to 2 m of soil, the shear wave
velocity was measured using cross-hole tests and was determined to be about 106 m/s
post-construction.

Fig. 5. Configuration of the UCLA portable SSI test structure with location of pressure sensors:
(a) isometric view with directions of shaker force indicated, (b) plan view and (c) elevation view
of foundation and pressure sensor locations, and (d) photograph showing the test structure and
foundation without the bracing installed
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Four high-capacity pressure sensors were arranged and installed at each corner on
the bottom of the foundation, as shown in Fig. 5d. The sensors were installed after
placement of the reinforcing steel but prior to casting the concrete for the foundation.
The sensors were each fitted with a bolt and washer assembly and were tied directly to
the reinforcing steel using steel wire ties. This assembly prevented any sensor move-
ment during the concrete pour and restricted the sensors from displacing during testing.
This cast-in place installation requires care, but reflects the only realistic installation
option during real-world construction. A similar approach has been used in other
applications including furnishing shallow foundations of on-shore wind turbine gen-
erators with pressure sensor [8]. The high-capacity pressure sensors had a maximum
pressure capacity of 274 kPa. The instrument cables were encapsulated within and
protected by plastic tubing to reduce potential physical damage and corrosion during
foundation casting, and emerged at the edge of the foundation slab for convenient
attachment to the data acquisition system. The pressure sensors were powered by a
10 V power source or a battery with the output voltage recorded. Additional instru-
mentation included eight Kinemetrics EpiSensor ES-T triaxial accelerometers, located
at the four corners of the top and bottom slabs of the superstructure. All sensor output
was recorded using a sampling frequency of 200 Hz.

Data from the pressure sensors was collected during dynamic excitation of the test
structure. A small portable linear mass shaker, namely, the Acoustic Power System
“ELECTROSEIS”, long stroke shaker model 400 which can induce a maximum force
of about 440 N, was used as excitation source. The linear mass shaker imposes
low-amplitude loads on the structures, and soil behavior is expected to remain nearly
linear. The shaker was located on the roof slab of the structure and could be configured
to apply an excitation force in either longitudinal (X) or transverse (Y) direction.
Waveforms applied to the specimen included continuous linear frequency sweeps with
a nearly constant amplitude force and variable frequencies ranging from 4 Hz to 44 Hz.
Complete details about the experimental program, including information about the test
specimen, site, and instrumentation, are available in [7] and [8].

Sample data from a series of forced vibration tests is shown in Fig. 6. Figure 6(a)
plots cycles of overturning moment versus base rotation for approximately two cycles
of loading of the braced structure in the X (blue) and Y (green) directions. Overturning
moment includes the shaker force plus inertial forces due to the acceleration of the
structure and foundation masses. The shaker force amplitude is approximately the same
for both X and Y directions of shaking for the loops shown (frequency of approxi-
mately 8.5 Hz and an amplitude of approximately 200 N). Vertical accelerometers
located on the foundation are used to determine the rotational acceleration of the
foundation. The rotational acceleration is double integrated to find the base rotation in
radians. Despite the similar shaker loading level, the X-direction moment-rotation
loops have a smaller amplitude than the Y-direction loops, indicating that the rotational
response of the system is smaller in the X direction compared to the Y direction.
Additionally, X-direction moment-rotation loops are steeper than the Y-direction loops,
indicating that for the same level of applied moment the SSI system rotation is smaller
in the X direction compared to the Y direction, and soil-foundation rotation in the Y
direction has a stiffer response than in the X direction. This is consistent with analytical
predictions of foundation impedances including [1, 5, 6], which indicate that rotation
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about the transverse axis of a foundation will have a stiffer foundation response than
rotation about the longitudinal axis.

Because of the applied moment, the foundation rotation leads to dynamic changes
in the vertical contact pressure at the four corners of the foundation slab. The response
of the four exterior load sensors, P1 to P4, is shown in Fig. 6 (b). The pressure plotted is
the dynamic or change in cell pressure, with the static load removed. For shaking in the
X direction, load sensors P1 and P2 experience positive pressure when the system
rotation is positive. The dynamic pressures on sensors P3 and P4 are negative when the
rotation is positive. For shaking in the Y direction cells P1 and P4 are in phase and
sensors P2 and P3 are out of phase, as expected. The pressure-rotation loops indicate a
periodic reduction in the contact pressure during loading, but the structure does not
experience full uplift, and at no time do the cells loose contact with the soil or expe-
rience pounding. The amplitudes of the pressure-rotation loops are similar for each
pressure cell, as expected for a structure with symmetric loading and a low level of
eccentricity. The plots also show that smaller rotations are required to generate the
same level of soil pressures for loading in the X direction, compared to the Y, but that
overall pressures generated are larger for Y.

Fig. 6. Forced vibration loading of SSI system in the X (blue) and Y (green) directions:
(a) overturning moment versus base rotation, (b) dynamic pressure of exterior pressure cells
versus base rotation
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5 Conclusions

The design, construction, calibration, and implementation of a simple, easily con-
structible, and robust soil pressure sensor are presented. One of the primary advantages
of the sensor is its versatility, namely, the pressure sensor can be constructed with a
housing material compliant with the stiffness of the structural element to which the
sensors are being affixed. The internal load cell can be selected to accommodate the
expected range of applied pressures during testing. The sensor performance was
assessed during dynamic loading and load calibration factors in form of a transfer
function were derived. Dynamic calibration showed that the sensors housing has very
little impact on the sensors performance and the sensor response is largely frequency
independent. Prototype sensors were implemented in dynamic research testing using
forced vibration testing of shallow foundation components. The recorded data were
found to be of high quality and match well with expected engineering solutions and
pressure results.
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Abstract. Cone penetration test (CPT) is a widely used and versatile in-situ
tool for determination of soil properties and delineation of soil stratigraphy,
which could also act as a useful device for the site characterization of surface
soils of other planets during deep space exploration. An analytical solution of
drained spherical/cylindrical cavity expansion is developed using a simple
non-associated flow model for sand, with consideration of small gravitational
environments. The soil model adopted a family of yield loci for triaxial com-
pression based on the normality criterion and a simple stress-dilatancy rule,
which showed the ability to model many behaviors of isotropically consolidated
clays and sands. The large strains for soil in the plastic region are assumed in
this solution, together with the approach of auxiliary variable to convert the
Eulerian formulation to the Lagrangian description. The proposed solution is
validated against the numerical results for the recovered Cam-clay model. The
interpretation of CPT data is then analyzed by this proposed cavity expansion
analysis, through the correlation between the cone tip resistance and the cal-
culated cavity pressure. In order to investigate effects of gravity on planets like
moon, a simplified approach of normalization is adopted for the analysis of
penetration resistance. The predictions of normalised penetration resistance
provide good comparisons with previous experimental and numerical results,
which indicates the effectiveness of the proposed method for analysis of CPT
data under various gravitational environments.

Keywords: Cavity expansion analysis � Cone penetration test
Granular soils � Small gravity fields

1 Introduction

Deep space exploration has gained more attention in recent years for the purposes of
further scientific discovery and space resources exploration that have great potential
value to humanity. Some countries and companies have launched their plans to land on
the Moon and other planets with small gravitational environments. Cone penetration
test (CPT) is arguably the most widely used and versatile in-situ tool for determination
of soil properties and delineation of soil stratigraphy, with the reliable and repeatable
readings including cone tip resistance and sleeve friction. Therefore, CPT could also

© Springer Nature Singapore Pte Ltd. 2018
L. Hu et al. (Eds.): GSIC 2018, Proceedings of GeoShanghai 2018 International Conference:
Multi-physics Processes in Soil Mechanics and Advances in Geotechnical Testing, pp. 336–344, 2018.
https://doi.org/10.1007/978-981-13-0095-0_38

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_38&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_38&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_38&amp;domain=pdf


serve as a useful device for the site characterization of surface soils of other planets.
Space soils (e.g. Lunar soil, Martian soil), transformed from the space rock, are
believed to be granular materials with no aqueous water existed in the pores. The
understanding of mechanical properties and behaviors of these granular materials are
essential for the development of future space bases, including the lunar outpost.

Cavity expansion analysis in geomaterials has been developed rapidly during the
past three decades and has shown its ability for the analysis of geotechnical problems,
including the in-situ testing, foundations, tunnelling and shaft stability. The prediction
of penetration resistance using the cavity expansion method has led to the development
of CPT data interpretation. However, the existing analytical solutions for granular
geomaterials are still limited, especially for the space regolith with strong angularity,
weak cohesion and small gravity fields.

This paper aims to propose an analytical solution of cavity expansion using a
simple non-associated flow model for sand [1], with consideration of small gravita-
tional environments. Following the framework of [2], a drained spherical/cylindrical
cavity expansion solution is developed by assuming large strains for soil in the plastic
region, and adopting the approach of auxiliary variable to convert the Eulerian for-
mulation to the Lagrangian description. The proposed solution is validated against the
numerical results, and is then applied for the interpretation of CPT data under small
gravity fields. The predicted results of normalised penetration resistance are therefore
compared with previous experimental and numerical results.

2 Cavity Expansion Analysis

The quasi-static analysis of cavity expansion has been taken as a simplified model for
many geotechnical problems, while the initial spherical or cylindrical cavity with a
radius of a0 is embedded in geomaterials under an initial hydrostatic stress condition.
After applying the compression-positive notation, the equilibrium equation is shown as:

rh � rr ¼ r
m
drr
dr

ð1Þ

where rr and rh are the radial and tangential stresses, respectively; r is the radius of
material element and m is used to combine cylindrical ðm ¼ 1Þ and spherical ðm ¼ 2Þ
cavities; ‘d’ denotes the Eulerian derivative for every material particle at a specific
moment. Note that the drained analysis is employed in this study, thus the excess pore
pressure is not taken into account. Following the previous study [2, 3], the mean and
deviatoric stresses for cavity expansion problems are defined as p ¼
rr þm � rhð Þ= 1þmð Þ and q ¼ rr � rh, whereas the volumetric and shear strains are
expressed as d ¼ er þm � eh and c ¼ er � eh. To consider the elastic-plastic behaviour
of soil, the soil surrounding the cavity wall performs with both elastic and plastic
regions after expansion. The small strain assumption is used for soil in the elastic
region ðer ¼ �du=dr; eh ¼ �u=rÞ, while the logarithmic strains are adopted for the
plastic region where large deformation occurs, i.e. er ¼ � ln dr=dr0ð Þ; eh ¼ � ln r=r0ð Þ.
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3 Soil Model

McDowell [1] proposed a simple non-associated flow model for sand, with a family of
yield loci based on micro mechanical considerations and the plastic work dissipated in
friction and fracture. The model is therefore adopted in this study to simulate the granular
soils. The expressions of the yield surface and non-associated flow rule are shown as:

g ¼ N aþ 1ð Þ ln py=p
� �� � 1

aþ 1 ð2aÞ

Ddp

Dcp
¼ Depv

Depq
� m
mþ 1

¼ Mbþ 1 � gbþ 1

gb
� m
mþ 1

ð2bÞ

where g is the stress ratio and py is the preconsolidation pressure; N is the peak value of
q on the yield locus, M is the critical state dissipation constant; a and b are the model
constants for both yield surface and plastic potential; ‘D’ denotes the Lagrangian
derivative for a given material particle. The conventional volumetric hardening rule is
also applied as Dcp ¼ k� jð Þ=t � Dpy=py, where t is the specific volume. While the
original Cam-clay model can be recovered by making N ¼ M and a ¼ b ¼ 0, the
Modified Cam-clay can be assumed for N ¼ M and a ¼ b ¼ 0:4427 (i.e. the reference
state parameter nR ¼ k� jð Þ= aþ 1ð Þ � M=Nð Þaþ 2¼ k� jð Þ ln 2), as shown in Fig. 1
(a). The schematic of yield locus and flow rule for a general case is then presented in
Fig. 1(b). As reported by [1], the behaviour of both loose and dense sands in drained
and undrained conditions can be modelled, and the soil model remains to be flexible,
powerful, simple and easy to apply. As to the merits of this model, the introduced
parameters could be easily determined from conventional triaxial compression tests,
and the employed non-associated flow rule enables the model to capture more sand
behaviour. Although non-coaxiality is not considered in this model and the soil model
parameters have not been correlated to sand particle properties, this model with its
simplicity serves as a useful and effective critical state-based model for sand with a
non-associated flow model, which could also be taken as a framework for development
of sand models.
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Fig. 1. Schematic of yield locus and flow rule: (a) comparison with the Modified Cam-clay;
(b) a general case for non-associated flow model for sand.
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4 Cavity Expansion Solution

When the elastic–plastic boundary is referred to as ‘c’, the elastic region is for soil at
r[ c. Thus the elastic strain rates are expressed as follows:

Dde ¼ j
tp

Dp

Dcp ¼ 1þ m� 1ð Þl½ �j
1þmð Þ 1� 2lð ÞtpDq

ð3Þ

Therefore, according to the solutions of [2, 4], the distributions of stresses and
strains in the elastic region can be concluded as:

rr ¼ p0 þ B1

r1þm

rh ¼ p0 � B1

m � r1þm

d ¼ 0

c ¼ 1þ m� 1ð Þl½ �j
1þmð Þ 1� 2lð Þ �

B1 1þmð Þ
t0p0m � r1þm

ð4Þ

where B1 can be derived based on the boundary condition at r ¼ c, giving that

B1 ¼ qcmc1þm= 1þmð Þ, qc ¼ N � aþ 1ð Þ ln R0½ �1= aþ 1ð Þ�p0, and R0 ¼ py0=p0, which
represents the overconsolidation ratio.

For soil in the plastic region ða\r\cÞ, the volumetric strain is related to the
specific volume: d ¼ � ln t=t0ð Þ. An auxiliary variable is thus adopted to convert the
Eulerian formulation to the Lagrangian description [2, 5], i.e. v ¼ r � r0ð Þ=r. The
expression of deviatoric strain can then be deduced as c ¼ � ln t=t0 � 1� vð Þmþ 1

h i
.

Following the use of auxiliary variable, the equilibrium equation can be rewritten as
follows:

�q ¼ 1
m

1� v� t0
t 1� vð Þm

� �D pþ m
mþ 1 q

� 	
Dv

ð5Þ

Based on the volumetric strain, the expression of specific volume is derived as:

t ¼ t0 þ k ln p0 þ k� jð Þln R0½ � � k ln p� k� j
aþ 1ð ÞNaþ 1 g

aþ 1 ð6Þ

And the derivative form of Eq. (6) gives:

Dt ¼ �k
Dp
p

� k� j
aþ 1ð ÞNaþ 1 g

a Dq
p

� g
Dp
p


 �
ð7Þ
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In terms of the deviatoric strain, the derivative expression is deduced as:

Dc ¼ �Dt
t

þ mþ 1
1� v

Dv ¼ 1þ m� 1ð Þl½ �j
1þmð Þ 1� 2lð Þt þ

�
k� j
t

gb

Mbþ 1 � gbþ 1

mþ 1
m

g
N

� 	a 1
N

�
Dq
p

þ k� j
t

gb

Mbþ 1 � gbþ 1

mþ 1
m

1� g
N

� 	aþ 1
� �

Dp
p

ð8Þ

Therefore, the numerical calculation from r ¼ c ðvc ¼ c�c0ð Þ
c ¼ 1þ m�1ð Þl½ �j

1þmð Þ 1�2lð Þ½ � �
qc

1þmð Þt0p0½ � ; pc ¼ p0; tc ¼ t0Þ to r ¼ a ðva ¼ a�a0ð Þ
a Þ can be applied to obtain the dis-

tributions of stresses and strains in the plastic region. The location of soil element is
then revived by integration from a to r:

Z r

a

dr
r
¼ ln

r
a
¼

Z v

va

dv
1� v� t0= t 1� vð Þm½ � ð9Þ

The elastic/plastic boundary c is thus calculated from the integration of Eq. (9).
Note that the detailed derivations of this solution can be found in an unpublished
report, and the readers may request a copy of this report from the author.

5 Results of Cavity Expansion and CPT at Small Gravity
Fields

5.1 Solution Validation for the Modified Cam-Clay

The proposed solution is firstly verified in this section by comparisons with the results
of numerical simulation of cylindrical cavity expansion using the Modified Cam-clay
model (after [5]). It should be noted that the adopted non-associated flow model for
sand can be adjusted for the prediction of the Modified Cam-clay model, having
N ¼ M and a ¼ b ¼ 0:4427. For the scenario of R0 ¼ 3 and expansion of a=a0 ¼ 2,
the stress paths in both p� q space and t� p space are provided in Fig. 2. Despite of
the differences on the yield surface and the flow rule (see Fig. 1a), the stress paths show
a good agreement with the numerical results. After expansion, the distributions of
stresses and the specific volume are presented in Fig. 3, together with the comparisons
of numerical simulation from [5]. The general responses of cavity expansion are ver-
ified using the proposed solution, including the elastic-plastic boundary. However, the
ability of the solution lies on the prediction of behaviour of granular soils with a
non-associated flow rule, which is examined in the following sections.

5.2 CPT at Small Gravity Fields

The proposed analytical solution of cavity expansion is then applied for the analysis of
cone penetration tests. The penetration is treated as a spherical cavity expanded from an
initial size of sand particle (d50 ¼ 0:11mm, a typical size of lunar regolith simulant
from [6]) to a final size of penetrometer diameter (B ¼ 35:7mm, a standard cone size).
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The average density of lunar regolith is assumed as q ¼ 1:8 � 103 kg/m3 (based on
NASA report [7]). According to the gravity of the Moon, the g-level is set to be
gsimu ¼ 1=6 g, where g is the earth gravity �9:81m=s2, and the g-level Ng ¼ gsimu=
g ¼ 1=6. The calculated cavity pressure is related to the penetration resistance, using
the correlation: qc ¼ rr;wall � 1þ ffiffiffi

3
p

tan /
� �

, where sin / ¼ 3M= 6þMð Þ. The pre-
dicted penetration resistance and its initial stress condition are shown in Fig. 4(a),
showing a linear increase of qc with depth, as also reported by [8, 9]. Using the
normalization of Q ¼ qc � rv0ð Þ=rv0, a relative constant value of Q � 9:8 is observed,
while the slightly decrease with depth is confirmed by the centrifuge tests of CPT [10].
When the g-level varies from 0 to 5, the normalised penetration resistance decreases
with Ng, as shown in Fig. 4(b), showing a similar trend with experimental data [11] and
numerical simulation [12].

When the soil sample is assumed to be uniform with a given density (t0 ¼ 2:325,
based on the experimental tests of [11]), the decrease of normalised penetration
resistance with g-level is more significant and comparable to the experimental and
numerical results. As shown in Fig. 5, when the critical state dissipation constant
M ¼ 1:2, the prediction of Q is underestimated for Ng\ 1 and overestimated for
Ng [ 1, compared with the experimental data [11]. However, the triaxial compression
tests of a granular material under various small gravity fields indicate that the critical
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state friction angle decreases with Ng at a rate of 1.24 [13]. The value of M is thus
corrected based on the relationship: M ¼ 6 sin /= 3� sin /ð Þ, and the friction angle is
assumed as / ¼ 30� 1:24 Ng � 1

� �
. Although the underestimation of Q remains for

Ng\ 1, the prediction for Ng [ 1 agrees well with the DEM simulation of CPT by [12].
It should be noted that the other soil model parameters are not changed during the
calculation, which may also be influenced by the gravity; further study is therefore
needed to focus on the investigation of soil parameters effects, and their relationships
between g-level and the resultant penetration resistance. With the back analysis, the
obtained CPT measurements on a planet could be used reversely for the estimation of
the mechanical properties and behaviour of the relevant space soils.

z (
m

m
) Q
 / 

Q
1g

Ng

0

100

200

300

400

500

0 2 4 6 8 10 12 14 16

Q
qc (kPa)
σV0 (kPa)

Stress condition and Penetration resistance

0.9

0.92

0.94

0.96

0.98

1

1.02

1.04

1.06

1.08

1.1

0 1 2 3 4 5
(a)

(b)

Fig. 4. Prediction of penetration resistance of CPT (a) penetration resistance against depth for
Ng ¼ 1=6; (b) normalised penetration resistance against Ng.

Ng

0

0.2

0.4

0.6

0.8

1

1.2

1.4

1.6

1.8

2

0 0.5 1 1.5 2 2.5 3 3.5 4 4.5 5

Q
 / 

Q
1g

Constant M=1.2
Corrected M
Numerical simulation of 

Jiang & Wang (2013)
Experimental data of 

Mo et al. (2017)

Fig. 5. Prediction of normalised penetration resistance of CPT against Ng.

342 P.-Q. Mo



6 Conclusions

An analytical solution of both cylindrical and spherical cavity expansion is proposed in
this paper using a simple non-associated flow model for sand, which serves as a critical
state-based soil model for granular materials. The solution provides the stress paths and
distributions of stress/strain during and after expansion of a cavity, which is then
verified by the numerical simulation using the Modified Cam-clay model. Relating the
cavity pressure to the cone penetration resistance, the effect of small gravity fields is
examined by varying the initial stress condition. For a normally-consolidated soil, the
normalised penetration resistance decreases with Ng within the range from 0 to 5. When
the soil sample is assumed to be uniform with a given density, the decrease of nor-
malised penetration resistance with g-level is more significant and comparable to the
experimental and numerical results. By correcting the critical state friction angle based
on triaxial compression tests of a granular material under various small gravity fields,
the prediction for Ng [ 1 agrees well with the DEM simulation of CPT. Following this
preliminary study, further study is required for the investigation of soil parameters
effects and their relationships with g-level.
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Abstract. The full-scale test of Jacking Prestressed Concrete Cylinder Pipe
(JPCCP), a novel jacking pipe to be used in practical engineering, is conducted
in this paper. The purpose of this work is to investigate the structural perfor-
mance of JPCCP under axial jacking force without misalignment angle and
eccentric jacking force with different misalignment angles, respectively. The
experimental results indicate that misalignment of the pipeline is the major
factor causing tensile strain which usually appears on the exterior reinforced
concrete surface. In addition, both the maximum tensile and compressive axial
strain increase with the misalignment angle. When the misalignment angle
reaches 0.461°, the axial maximum strain is 106le which exceeds the tensile
strain limit (100le), which indicates that the increase of section stiffness is
required to resist the generation and propagation of the possible crack and
protect the prestressed wire from potential erosion. Moreover, larger misalign-
ment angle can not only reduce contact area between pipes ends, but also lead to
a more serious stress concentration. As a result, the prestress near the concen-
trated region increases. The experimental results can provide a reliable reference
for pipe design and construction.

Keywords: Full-scale test � Misalignment angle � Eccentric jacking force
Prestressed wire � JPCCP

1 Introduction

Prestressed Concrete Cylinder Pipe (PCCP), a popular type of composite open-cut pipe
consisting of high strength steel wire, steel and concrete cylinder, and a mortar coating
applied to the exterior of the pipe, has been widely used in the world during last
decades due to its evident advantages [1–5], such as high pressure resistance, and
seepage resistance. PCCP, however, as a kind of open-cut pipe, may bring extremely
damage to the environment and inconvenience to citizens in the built-up area.

Compared with the open-cut construction, pipe jacking is a kind of trenchless
construction technology for the installation of underground pipelines, and offers
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advantages of non-disruptive construction coupled with a unique one without need for
temporary ground support or secondary lining [6–9]. In addition, Pipe jacking can not
only avoid the unnecessary disruption to the public life, but also reduce the damage to
the nearby structures [10–19]. Because of the advantages of both PCCP and pipe
jacking, utilizing PCCP as a jacking pipe to satisfy the requirement of civilized con-
struction is becoming attractive [20, 21]. Most attempts have been devoted to studying
PCCP as a buried pipe. To investigate the effects of prestress on PCCP, some models
were developed by Zarghamee [2–4] to predict its mechanical behaviors under com-
bined load (internal pressure and external load). These results shed light on the per-
formance of PCCP pipe and facilitate its application greatly [4, 22, 23]. However, few
studies have been reported about PCCP as a jacking pipe during last decades.

Jacking prestressed concrete cylinder pipe (JPCCP), an improved PCCP, has a
reinforced concrete coating applied to the exterior of the pipe instead of a mortar
coating applied by PCCP. As a novel type of jacking pipe, its mechanical behaviors
under construction with misalignment, which plays an important role in governing the
safety of pipe structure, should be analyzed. Prototype test is an attractive procedure
because it can illustrate the mechanical performance in real condition, which is also
evident to verify analytical solutions and numerical studies. For these reasons,
full-scale test is presented in the paper to study the structural behaviors of JPCCP pipe
under axial even jacking force with and without misalignment angle.

2 Test Program

2.1 JPCCP Specimen

As shown in Fig. 1, JPCCP consists of inner concrete core, steel cylinder, intermediate
concrete core, prestressed wire, and exterior concrete. The detailed geometry parameter
of JPCCP pipe is depicted in Fig. 1. To facilitate the assembly of pipe in the con-
struction, bell and socket connection is adopted. According to national standard Code

Exterior concrete
coating

Intermediate concrete core

A-A Local enlarger section

Inner concrete core Steel cylinder
Steel wire

Ring bar ¦μLongitudinal bar 48¦μ 1010

Fig. 1. The structure diagram of JPCCP (mm)
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for Design of Concrete Structures (GB50010-2002) [26], the basic material parameters
are listed in Table 1.

2.2 Test Arrangement

Generally, jacking pipes will be under two conditions during the construction: edge
loading condition and diagonal loading condition, as shown in Fig. 2. This is mainly
caused by the misalignment angle of the pipeline. In this study, the edge loading
condition is simulated and studied. Two JPCCP pipes are utilized in each test (see
Fig. 3a), whose length are 3 m. In addition, six main hydraulic jacks (see Fig. 3b) are
used to provide the designed experimental jacking force. Besides, six lateral hydraulic
jacks are installed to maintain the presupposed misalignment angle of pipeline. In
addition, a simulative starting shaft is built to sustain the reaction force caused by
hydraulic jacks.

Table 1. JPCCP pipe material parameter

Item Value

Modulus of concrete(GPa) 35.5
Modulus of Steel cylinder(GPa) 206
Modulus of Steel wire(GPa) 206
Tension control stress of steel wire(GPa) 1.04
Ultimate strain of concrete(le) 3300(100)a

aThe value in the bracket is tensile ultimate strain.

¦ Â

Diagonal loading condition Edge loading condition

Misalignment angle

Fig. 2. Two typical loading conditions

Pipe1Jacking block

Double lateral hydraulic jack 
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Pipe2

Hydraulic jack

S3 S2 S1

4#
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6#

1#
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3#

0

90270

180

Double
lateral
hydraulic
jack

Double
lateral
hydraulic
jack

Hydraulic jack

Fig. 3. Experimental sketches (a) experimental plane sketch of pipe arrangement, (b) distribution
of hydraulic jack (mm).
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Three testing sections are arranged for each JPCCP pipe. The first and third
measuring sections are 300 mm away from pipe end. While the second testing section
is located at the middle of the pipe (see Fig. 3a). The axial strain measuring points are
fixed every 45° in the circular direction on each measuring section, which contains the
axial strain of inner concrete core, intermediate concrete core, and exterior concrete
coating. Hoop strain gauges are attached on each measuring section every 90° in the
circular direction.

In addition, several pressure sensors are fixed every 30° on the contact area between
pipe ends. The misalignment angle of pipeline can be obtained through joint’s relative
opening displacement according to formula (1) [24].

tan b ¼ lr
4:32

ð1Þ

where lr is the relative opening displacement of measuring points fixed at pipe ends.
According to the value measured by the two displacement sensors fixed at h = 90° ðl90Þ
and 270° ðl270Þ of the two testing pipe contact end, the relative opening displacement lr
can be calculated by: lr ¼ l90 � l270j j.

2.3 Test Series

Table 2 shows the specific test series in this study. As listed in this table, series 1 is to
simulate straight jacking without misalignment of pipeline. Series 2 to 5 are to simulate
jacking conditions with misalignment angle 0.38° and 0.5° in the practical engineering
under edge loading condition as depicted in Fig. 2, respectively. Obviously, the pre-
supposed misalignment angle will change under jacking force. So it is inevitable to adjust
misalignment angle many times to fit and approach the presupposed misalignment angle.

Firstly, adjust two pipes to an align position and reset the displacement sensors.
And then adjust the misalignment angle of the pipeline to the presupposed value listed
in Table 2, according to Eq. (1). According to Standard Methods for Testing Concrete
Structures (GB50152-2012) [26] and Technical Specification for Pipe Jacking of Water
Supply and Sewerage Engineering (CECS246-2008) [25], the maximum experimental

Table 2. The contents of each test series in the test

Test
series

Jacking load
distribution

Total jacking
load(kN)

Presupposed
misalignment angle

Ultimate
misalignment
angle bu

1 1#, 2#, 3#, 4#,
5#, 6#

21000 0° bu1 = 0.013°

2 1#, 2#, 3# 11250 0.38° bu2 = 0.44°
3 bu

3
= 0.266°

4 0.5° bu4 = 0.422°
5 bu5 = 0.46°
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jacking force is 21000 kN, one half the design values. The exterior reinforced concrete
coating and intermediate concrete core at the pipe ends are the main loading area.
Stepwise loading method is adopted in the test, and it will be hold for 2 min after each
loading step until the total jacking force reaches the presupposed value listed in
Table 2. And after the last loading step, it will be hold for 15 min. In the process of
loading, the state of pipe should be observed carefully to make sure whether it can
continue sustaining or not. At the meantime, crack distribution on the pipe’s external
concrete coating surface is recorded, specifically. All of the aforementioned data are
collected and stored automatically by a data acquisition system (Datataker) with a
suitable sampling frequency.

3 Test Results and Discussion

The mechanical behavior of JPCCP is very complicated and its accurate response is
difficult to calculate and evaluate through a theoretical method due to the interaction
among prestressed steel wire, concrete layers, steel cylinder, and steel bar under the
jacking force. This study is concentrated on the influences of the misalignment angle on
the mechanical properties of pipe. And the experimental results can be divided into five
cases: b1 to b5 according to ultimate misalignment angle, as listed in Table 3. In the
whole process of this test, the state before loading is taken as a reference, so the
measured value of each point is an increment.

3.1 Characteristics of Strain Distribution

The strain in JPCCP is compressive in the case b1. While the tensile area emerges and
extends with b gradually. Even though the total jacking force loading on JPCCP pipe is
largest in the case b1 = 0.013°, the axial maximum compressive strain is not the
largest, even smaller than some other cases. Meanwhile, larger compressive strains
always appear at h = 90° where jacking force is applied while tensile strains emerge on
another side (h = 270°). Figure 4 shows the maximum (Fig. 4a) and minimum
(Fig. 4b) strain on each measuring section (S1, S2 and S3). In comparison with the
strain distribution under axial force without misalignment angle, it can be conclude that
the misalignment angle is a critical factor to the initiation of tensile strain. Moreover,

Table 3. The pressure distribution on the contact area between pipe ends under maximum
jacking force (MPa)

b Circular position h

0° 60° 90° 270° 330° Open position

b1 = 0.013° 12.5 6.8 10.5 12.5 8.3 270°
b2 = 0.266° 2.2 6.5 16.1 0 1.1 270°
b3 = 0.422° 0.6 8.6 8.3 0 0 270°
b4 = 0.44° 0 3.2 16.5 0 0 270°
b5 = 0.461° 0 2.8 17.5 0 0 270°

A Full-Scale Experimental Study on the Performance 349



from this figure, it’s clear that the magnitude of tensile strains on the measuring
Sects. 2 and 3 are higher than Sect. 1. Compared to the strain on Sect. 2, the variation
of axial minimum strain distribution on the measuring Sects. 1 and 3 is more scattered.
The maximum compressive strains on the measuring Sect. 1 are smaller than the
measuring Sect. 3 in all cases. This is mainly because the wood packing material has a
better ability to redistribute stress than the steel jacking block.

Both the maximum and minimum strains in the inner concrete core, intermediate
concrete core and exterior concrete coating of JPCCP pipe with different misalignment
angles are given in Fig. 5. As is shown, both tensile and compressive strains increase
with the misalignment angle. Since the maximum compressive strain of JPCCP pipe is
636 le (much less than the compressive strain limit 3300 le), and the maximum tensile
strain is 106 le (exceeds the tensile strain limit), tensile cracking prior to compressive
crush may occur, which indicates that cracking will occur firstly on JPCCP pipe’s
surface. When the crack extends the thickness of exterior concrete coating completely,
a serious erosion of steel wire may be induced. Consequently, the pipe’s performance
and durability will deteriorate. Seriously, it may lead to a burst failure. Hence, it’s
conceivable that a more strict limit for JPCCP design than traditional reinforce concrete
jacking pipe should be made.
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From the discussion above, it can be seen that the occurrence of misalignment angle
of the pipeline is a key factor leading to the damage of jacking pipe. In addition, tensile
strain appears on the external concrete coating of JPCCP, which plays an essential role
in governing its durability. Therefore, several corresponding measures, such as
increasing the reinforcement ratio and enlarging the area of the section, should be
adopted to enhance the stiffness of JPCCP.

3.2 The Pressure Distribution on Pipe End

Based on several laboratory test results about small scaled model pipes [13], pipe under
jacking force tends to come to an aligned position instead of remaining in the pre-
supposed misalignment position. As shown in Table 2, however, the ultimate
misalignment angle is larger than the presupposed in case b1 and b2, while an opposite
change appears in other cases. This reveals that the misalignment angle of the pipeline
may not always come to an aligned position. As the aforementioned above, this phe-
nomenon may be dominated by two factors: (1) inconsistent loading in these six
hydraulic jacks; (2) lateral constraint.

Because it is an insurmountable task to measure the pressure distribution contin-
uously in the circular direction, the contact region is quantified through 12 points at
pipe ends in this test. The pressure distribution on the interface between two pipe ends
with different misalignment angles is summarized in Table 3 (the damaged sensors are
not listed out). In the case b1, the open position is in the region of h = 270° where the
pressure is 12.5 MPa, even a little larger than that of h = 90° (10.5 MPa). So it is
credible that the initial geometric roughness exists at two pipe ends. Further, more
serious stress concentration will appear, and pose a threat to the safety of JPCCP pipe.

In addition, when the misalignment angle becomes larger, more serious stress
concentration can be induced. So protective measures are needed to control the devi-
ation of pipeline in the construction, such as installing automatic correction system.

3.3 Behavior of Prestressed Steel Wire

JPCCP pipe is a novel composite structure which consists of inner concrete core, steel
cylinder, intermediate concrete core and exterior concrete coating. Concrete core will
expand under axial compressive load, which is caused by Poisson effects, while pre-
stressed steel wire will constrain this kind of expansion. The interaction between
concrete core and prestressed steel wire makes the mechanical response of JPCCP pipe
more complicated. Figure 6 exhibits the variation of prestress with the load during the
test. The positive values mean prestress increment and the negative means prestress
reduction.

The prestress increases almost linearly with the jacking force in the case b1 (see
Fig. 6a). However, the decrease of prestress occurs when the misalignment angle
becomes larger. From Fig. 6, it is clear that larger prestress increments always appears
on the side (h = 90°) where jacking force loads, while the prestress decrease appears on
the opposite side (h = 270°). Compared with the strain distribution on each measuring
section (see Fig. 4), it can be found that prestress increase occur in the compressive
stress concentrated region. This indicates the prestressed wire to some extent can
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constrain the hoop deformation and improve the bearing capacity of the pipe.
According to the test results, the prestress decrease almost reaches 40 MPa, and the
maximum prestressed increment approaches almost 30 MPa, which illustrates that
debonding between the steel wire and concrete may occur though it is intact and
undamaged observed from the surface. Based on the analysis by Gong et al., these
extreme state may also be caused by the lateral forces provided by lateral jacks [20].
Nevertheless, the damage of prestressed wire should not occur during the construction
because the lateral force offered by the surrounding soil rather than concentred force in
this test.

4 Conclusions

In this paper, the experiment upon the mechanical behavior of large diameter prototype
JPCCP pipe has been conducted and carefully analyzed considering the effects of
eccentric jacking force and possible misalignment angle of the pipeline under edge
loading condition. Based on experimental test results, the following conclusions can be
drawn.

(1) The maximum axial compressive strain in this test is far less than the ultimate
strain. Based on the test results, it can be found that the misalignment angle plays
an important role in tensile strain. The test results also indicate that tensile strain
appears in the reinforced concrete coating rather than other parts of JPCCP pipe,
which suggests that the stiffness of pipe section should be improved to bear the
effects caused by misalignment angle, and constrain the propagation of possible
crack.

(2) Larger misalignment angle can not only cause serious axial strain concentration,
but also cause considerable incremental prestress. Meanwhile, it reveals that the
prestressed wire can play a role in constraining concrete hoop tensile strain.

(3) The contact area at the pipe ends is an important factor to the strain state. If the
size of contact region approaches a point, a serious stress concentration may
occur. Hence, it’s critical to control the misalignment angle of pipeline and correct
timely during the construction. And proper soft packing material with a certain
thickness is also anticipated to enlarge the contact area between pipes ends and
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reduce the severity of stress concentration caused by the misalignment of the
pipeline.

(4) In the practical engineering, the combined interaction of soil and water pressure,
and internal water pressure pose a challenge to the pipe structural performance
assessment. To acquire more real mechanical behavior of JPCCP, further study on
site test is necessary.
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Abstract. The liquefaction of saturated soils is a major concern for the earth-
quake damage of foundation. Due to the difficulty and cost constraint in
obtaining high-quality undisturbed samples, in-situ testing is commonly applied
to evaluating the potential of soil liquefaction. In high risk projects, a com-
prehensive evaluation based on various methods is usually adopted, and thus the
research on new method to evaluate the liquefaction is still necessary. In this
research the feasibility of using resistivity piezocone penetration test (RCPTU)
for predicting liquefaction resistance is investigated. The resistivity of saturated
silts and sands is measured using RCPTU at a test section of Suqian-Xinyi
expressway. First, the relationship between normalized cone tip resistance and
resistivity is analyzed and can contribute to the evaluation of soil liquefaction
based on resistivity. Second, the study on combination of resistivity and soil
behavior type index to directly calculate the cycle resistance ratio (CRR) is
conducted with the CRR from Robertson modified liquefaction evaluation
model as reference. The influence of thin cohesive layers and transition zones is
also analyzed. It is shown that the resistivity and soil behavior type index can be
used for effective evaluation of liquefaction potential of saturated soils.

Keywords: Resistivity � Piezocone penetration test � Liquefaction
Soil behavior type index � Cycle resistance ratio

1 Introduction

Liquefaction of saturated cohesionless soils is a major cause of damage to a series of
geotechnical issues. Therefore, the liquefaction of saturated soils should be evaluated
properly. The advanced piezocone penetration test (CPTU) has been widely used in
geotechnical site characterization due to its high accuracy and repeatability [1–3]. It has
been recognized that the liquefaction characteristics of sands are influenced not only by
the relative density of deposit, but also by factors including the structural orientation of
the particles, gradation of sands, and in-situ stress conditions [4, 5]. Resistivity is one
of the fundamental parameters of soil, which is highly related to some soil parameters
such as porosity, saturation, shape and size, gradation, and grain orientation [6, 7].
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Hence it is supposed that the resistivity may contribute to assessing the liquefaction
resistance of soil.

Arulmoli et al. (1985) suggested that the porosity is a useful intermediate parameter
to establish the correlation between liquefaction potential and bulk resistivity of soil
[8]. Based on laboratory cyclic triaxial test, it had proposed an electrical resistivity
based approach for liquefaction assessment by accounting for anisotropy and grain
size. Subsequently, Arulanandan et al. (1988) applied numerical simulation to verify
the evaluation method of liquefaction proposed by Arulmoli et al., and demonstrated
that the electrical resistivity model provides a non-destructive method to predict the
liquefaction resistance and avoids the difficulties in obtaining undisturbed samples [9].
However, it is supposed that the resistivity model developed by Arumoli is more
suitable for relatively homogeneous soil. In sophisticated site conditions this
assumption is perhaps over-simplified as the spatial variability in grain size of soil can
be very significant.

Researches revealed that the soil behavior type index (Ic) obtained from CPTU can
be directly proposed for soil classification [10–12]. Enhanced resistivity piezocone
penetration test (RCPTU) provides continuous profiles of both Ic and resistivity, and
hence is especially applicable to complex geological conditions. In this research the
feasibility of evaluating liquefaction potential based on RCPTU data is investigated.

2 Experimental Investigation

2.1 Site Description

The testing site is located in Suqian-Xinyi expressway in Jiangsu province. Rivers are
widely distributed in this region. The testing section belongs to an alluvial plain of the
abandoned Yellow River, and is in an active seismic zone with a design magnitude
(Mw) of 8. The soils in the testing section are mainly partially unconsolidated Qua-
ternary sediments. The ground water table (GWT) is around 3.8 m below the ground
surface. The main physical and mechanical indexes of the test site soil are shown in
Table 1. In practice the soils ranging from 0 to 15 m in depth are investigated for
evaluating the possibility of soil liquefaction.

Table 1. Main physic-mechanical index of site soil

Layer Soil type Thickness
(m)

Specific gravity (Gs) Clay content
(%)

Moisture
content (%)

SPT-N63.5

value

1 Plain fill 1.5 2.71 14.9 22.4 9
2 Silt 3.8 2.70 3.7 24.1 4
3 Silty sand 9.4 2.69 5.4 33.6 10
4 Silt Not

exposed
2.68 5.6 23.6 24
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2.2 Testing Equipment

The multi-functional, digital, vehicle-mounted RCPTU system was produced by the
Vertek–Hogentogler company in USA and introduced by the Geotechnical Engineering
Research Institute of Southeast University. The structure chart of the probe is shown in
Fig. 1.

The resistivity testing part of the RCPTU, the hardcore of this equipment, is mainly
composed of four copper electrodes and an internal circuit system, using insulating
plastic between the electrodes to form an O-type ring seal system. A voltage difference
is applied to the two outer electrodes and the resistivity of the soil is determined with
the aid of the two inner electrodes. The two adjacent copper electrodes are spaced 5 cm
apart and the operating frequency is 1 kHz.

2.3 Testing Results

This paper presented the database of nine RCPTU trial holes in the construction site. As
shown in Fig. 2, the cone tip resistance is generally small in silt and silty sand.
Aggregation and dissipation of excess pore water pressure are not observed in the
CPTU profiles, indicating that the soils are in a relatively loose state. The resistivity of
soil is large above ground water table, but it decreases remarkably when the probe

Fig. 1. Schematic of Hogentogler resistivity CPTU probe
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penetrates under the ground water table. For saturated soil, the resistivity value of soil
increases with cone tip resistance. However, it is expected that the porosity and void
ratio of saturated cohesionless soil both decrease as resistivity increases according to
the Archie (1942) equation [13]. As a result, the cone tip resistance should decrease
with the porosity and void ratio. Since the silty sand layer is completely below the
groundwater table, the liquefaction potential of this unit is the major concern in this
study.

3 Resistivity Index of Liquefaction Assessment

According to the liquefaction mechanism, both cyclic and static liquefaction can occur
in the saturated, loose silty sand or clean-sand. In this paper the unified approach
proposed by Robertson (2009) for predicting liquefaction potential of both cohesionless
and cohesive soils is referred as Robertson (2009) modified method (RMM) [14]. Since
laboratory tests are limited, the CRR values estimated from RMM are taken as refer-
ence values. Robertson mentioned that this approximation is not reliable in high risk
projects and should be used in low to moderately risk projects. Besides, due to the
limited database in geotechnical practice, the reliable assessment of CRR in cohesive
soil is seldom available in liquefaction analysis. Hence, this research only investigates
the liquefaction resistance of cohesionless soil (silty sand). Based on cone tip resistance
and soil behavior type index, the CPTU profiles of silty sand were subdivided into
different segments. Besides, data corresponding to Ic > 2.5 were removed to ensure the
accuracy of analysis.

3.1 Correlation Between q and Normalized Cone Tip Resistance Qtn

Noted that in all the CPTU-based simplified methods for liquefaction evaluation, the
CRR is correlated to Qtn. The accuracies of those simplified methods mainly depend on
the boundary’s uncertainty of their CRR-Qtn relationship. Thus, in the following sec-
tion, the correlation between CRR and Qtn is analyzed first. Then feasibility of applying
the electrical resistivity (q) rather than Qtn in evaluating the CRR of saturated cohe-
sionless soil is discussed.

The relationship of normalized electrical resistivity q/qw, normalized cone tip
resistance Qtn and soil behavior type index Ic is shown as Fig. 4. It is quite evident that
Qtn is well correlated to the derived parameters of both q and Ic. As cone tip resistance
and resistivity is affected by soil types simultaneously, this correlation also indicated
that Ic is one of the useful indices to connect mechanical and electrical characteristics of
saturated cohesionless soils. Moreover, as shown in Fig. 3, the resistivity (q) tends to
increase with Qtn for silty sand. This is consistent with the research results conducted
by Weemees [15]. However, Qtn tends to decrease for normally consolidated soil when
Ic increases. This phenomenon is also conformity with the application of Ic in soil
classification, which illustrates that the Qtn of cohesionless soil generally decreases
with the fines content.
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According to Fig. 4, the following equation for correlation among q/qw, Qtn and Ic
is determined:

Qtn ¼ ðq=qwÞ expð6:661� 1:657IcÞ
R2 ¼ 0:86

�
ð1Þ

Where q = soil electrical resistivity; qw = resistivity of pore water. The coefficient of
determination (R2) is 0.86. Equation (1) is valid for silt and silty sand with Ic ranging
from 1.8 to 2.6. When Ic is beyond this range, the above function still needs further
validation.

As most literatures revealed that the CRR is mainly reflected by Qtn, it is reasonable
for the application of q rather than Qtn in developing new correlation for evaluation of
liquefaction resistance. However, the uncertainties associated with Eq. (1) might be
transferred and magnified. To reduce the potential model errors, the correlation
between CRR and q will be investigated directly using the experimental database.

3.2 Relation Between q and CRR

To develop a direct correlation between CRR and resistivity, database of the 138
segments of silty sand is investigated. Previous analysis demonstrated that the CRR
tend to increase with the resistivity of soil, but decreases with Ic. Hence, a correlation
between CRR and the derived variable, (q/qw)

n/(Ic)
m, is analyzed. Using the
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multivariate regression analysis the coefficients (n and m) were determined as n � 0.8
and m = 4.2. The fitted curve along with the scatter plot for the correlation between
CRR and (q/qw)

n/(Ic)
m is shown in Fig. 4. The following expression can be obtained

according to Fig. 4:

CRR ¼ 0:08þ 0:020 exp½10:350� ðq=qwÞ0:8=ðIcÞ4:2� ð2Þ

It is supposed that Eq. (2) is mainly suitable for normally consolidated cohesionless
soils with Ic varying from 1.8 to 2.5. Application of above function in other soils should
be validated using more testing data.

3.3 Thin Clay Layer Correction

The liquefaction mechanism of cohesionless soil is different from that of cohesive soil,
indicating that the calculation procedure for estimating CRR should also be adjusted
[16, 17]. Figure 5 compares CRR values calculated from the proposed resistivity-based
method with those obtained from RMM. The database for this comparison consists of
138 sets of silty sand segments and other 230 clayey seams in the nine CPTU
soundings. For silty sand (1.8 < Ic < 2.5), as shown in Fig. 5, the values of CRR
calculated using the proposed resistivity-based method in this research are consistent
with those obtained from RMM. The CRR values are located in a low level of CRR,
ranging from 0.1 to 0.35. In this range the RMM has been demonstrated as one of the
most effective tool for estimating CRR values. Therefore, it is expected that the
resistivity-based method developed in this research is also highly reliable.

It is expected that the CRR values of cohesive soils are relatively higher than those
of cohesionless soils. Due to high cohesion of clayey soils, the strength of cohesive
soils would not reduce to zero even if the excess pore water pressure reaches the
effective overburden stress during seismic activities. Hence the liquefaction mechanism
of cohesive soils is generally identified as the static liquefaction rather than cyclic
liquefaction.

The reliability of CRR estimated by the proposed resistivity method in this research
can also be affected by the effect of transition zones. The influence zone ahead of and
behind a cone during penetration will cause an impact on both the cone resistance and
electrical resistivity of surrounding soils near the interface between two different soil
types. The small resistivity of the upper clay may lead to underestimate the resistivity
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of cohesionless soil near the interface when the cone penetrates from a clay unit to a
sand unit. As a result, the predicted CRR values would also be smaller. This paper
proposed that the transitional zone should be limited to 15 cm which is the maximum
spacing of the electrodes.

3.4 Validation of the Proposed Method

In this section the CRR values estimated from the proposed resistivity-based model are
compared to those obtained using the standard penetration test (SPT) data. The
SPT-based model for estimating CRR of cohesionless soil was developed by Seed et al.
(1971) [18]. Comparison between the estimates of CRR based on the proposed
resistivity-based method and those obtained from RMM is also conducted. The factor
of safety (FS) is used to provide more intuitive inspection on the evaluation of liq-
uefaction potential of the cohesionless deposits.

The estimates of CRR for two adjacent RCPTU test bores and SPT are shown in
Fig. 6, which indicates that the CRR values estimated from the resistivity-based
method in this research are consistent with those obtained from RMM. Besides, similar
evaluation of liquefaction potential is achieved and confirmed for the SPT-based
approach and the resistivity-based method developed in this study. The main difference
between the estimates of SPT-based method and those of resistivity-based method
occurred when Ic > 2.5, as shown in Fig. 6, e.g., ranging from 6.3 to 6.5 m in depth.
Based on RMM the liquefaction mechanism of soils when Ic > 2.5 is identified as static
liquefaction. However, in this research the data of Ic > 2.5 are insufficient for devel-
oping a correlation between the CRR and electrical resistivity, which still requires
further research.

4 Conclusions

(1) For normally consolidated soil (1.8 < Ic < 2.5), correlation between normalized
cone tip resistance (Qtn) and electrical resistivity (q) is not specific. It is observed
that Qtn is a function of both q and Ic. Hence the soil behavior type index and
resistivity can be used as effective parameters for evaluating the liquefaction
potential of saturated cohesionless soil.
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(2) For normally consolidated silty sand, correlation for predicting cyclic resistance
ratio (CRR) using q and Ic is developed in this research. The estimates of CRR
obtained from the proposed resistivity-based method are consistent with those
from RMM. However, the resistivity-based method provides a novel and more
convenient way for estimating the CRR.

(3) Due to the different liquefaction mechanisms between cohesive and cohesionless
soils, the CRR values of cohesive soils would be underestimated when adopting
the resistivity-based method to estimate liquefaction resistance.
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Abstract. Estimation of Vs from other testing indices has gained increasing
interest over the decades. The enhanced seismic piezocone penetration testing
(SCPTU) provides a convenient method to measure Vs simultaneously with
other three indices including the cone tip resistance, sleeve frictional resistance
and pore water pressure in a close proximity. In this study, a database containing
612 sets of data points is compiled for the stress-normalized SCPTU parameters
of the Jiangsu cohesionless soils. An approach based on the multivariate dis-
tribution method is utilized to develop the multivariate correlations among the
normalized shear wave velocity (Vs1) and other three indices. It is shown that the
correlations are reliable to describe the dependence of the Vs1 on other three
indices for the Jiangsu cohesionless soils. However, caution shall be taken when
these correlations are applied in other soils.

Keywords: Multivariate correlation � Shear wave velocity
Piezocone penetration test � Cohesionless soil

1 Introduction

The shear wave velocity, Vs, is a crucial parameter of cohesionless soils in a variety of
geotechnical issues such as the seismic hazard analyses. Several geophysical methods
provide reliable Vs measurements for different soils [1, 2]. It is of interest to evaluate Vs

from other testing indices when the direct Vs measurements are not available, and these
correlations have been widely studied in the literature [1, 2]. However, it shall be
cautious to establish a correlation between Vs and other indices because Vs highly
depends on the soil density, void ratio, effective stress, soil strength, stress history and
soil type [1, 2]. These impacting factors contribute to the difficulty of developing a
reliable Vs correlation for the cohesionless deposits as obtaining the high quality
samples can be a challenging and expensive task.

The seismic piezocone penetration (SCPTU) provides a convenient way to
simultaneously measure the Vs, cone tip resistance (qt), sleeve frictional resistance (fs),
and pore water pressure (u2) in a close proximity. Correlations among these four
parameters have been systematically studied for cohesive soils over the decades [1, 2].
However, it seems that the correlations for the cohesionless soils have achieved
insufficient analyses in the literature.
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In this study, a database containing four stress-normalized SCPTU parameters is
compiled and analyzed for the Jiangsu cohesionless soils using a multivariate distri-
bution model. This multivariate method has been shown to be a sounding approach to
capture the multi-dependencies among different soil properties [3, 4]. The correlations
for the normalized shear wave velocity conditional on the other three SCPTU
parameters are developed and validated. The feasibility of the multivariate distribution
model in describing the correlations of the SPTU parameters is therefore demonstrated.

2 Jiangsu SCPTU Database for Cohesionless Soils

In this section, the site conditions and seismic piezocone penetration tests for the
Jiangsu cohesionless soils are introduced. A SCPTU database containing the four
testing indices is presented and analyzed.

2.1 Site Conditions and SCPTU Tests

A comprehensive geotechnical investigation has been conducted on the Quaternary
soils of 32 sites in the Jiangsu province, China. The geologic formations and conditions
of most testing sites are available in the literature [4]. A total of 225 SCPTU soundings
were performed over these sites. Only the cohesionless soils are investigated in this
study. The SCPTU probe is in accordance with the international standard [2]. Figure 1
presents a representative SCPTU profile for the Jiangsu cohesionless soils.

It is evident in Fig. 1 that the four SCPTU measurements tend to increase with the
increase of depth in a homogeneous soil unit. This is probably due to the impact of the
in-situ stress on the soil strength and stiffness. It is therefore more rational to establish
the correlations for the stress-normalized parameters, instead of the direct measure-
ments. The following four normalized parameters are determined as:

Y1 ¼ qt1N ¼ qt � CN=pa where CN ¼ pa
�
r0v0

� �a � 1:70 a ¼ 1:338� 0:249 qt1Nð Þ0:264

Y2 ¼ Ic ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
3:47� lg qt1Nð Þ2 þ 1:22þ lgFrð Þ2

q
where Fr ¼ fs

�
qt � r0v0
� �� 100%

Y3 ¼ 1þBq ¼ 1þ u2 � u0ð Þ= qt � rv0ð Þ
Y4 ¼ Vs1 ¼ Vs pa

�
r0v0

� �0:25
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Fig. 1. Representative SCPTU profile for the Jiangsu cohesionless soils
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where qt1N is the normalized cone tip resistance, Ic is the soil behavior type index, Fr is
the normalized friction ratio in %, Bq is the pore pressure parameter ratio, Vs1 is the
normalized shear wave velocity in m/s, CN is the overburden correction factor, rv0 is
the vertical total stress in kPa, r0v0 is the vertical effective stress in kPa, u0 is the
hydrostatic pressure in kPa, and pa is the reference pressure of 100 kPa.

The definitions of qt1N and Ic follow those given by Juang et al. (2006) [5]. Previous
studies have demonstrated that the qt1N is strongly affected by the soil strength, density
and compressibility and thus can be correlated to Vs1. The Ic, instead of the direct fs
measurement, is used because the former is considered an effective representation of
the fines content within the soils [6] and thus may be better correlated to Vs1. The Bq is
deemed a potentially useful description of the soil density and void ratio which impact
Vs1. Since u2 can be less than u0 in the cohesionless soils and thus Bq can be negative,
the term (1 + Bq) is used for Y3 to ensure that it is consistently positive in the analysis.
This positivity is an essential requirement of the subsequent data transformation used to
develop the correlations. Besides, the usage of (1 + Bq) is also more consistent with the
previous studies [1, 2].

2.2 Data Processing

The processing of {Y1, Y2, Y3, Y4} data is crucial to the developing correlations for Vs1.
It is fundamental that these data points are representative for the cohesionless soils. To
achieve this goal, two main procedures are applied in this study. Firstly, the Vs1

evaluates the averaged seismic behavior every one meter. Therefore, the qt1N, Ic, and Bq

profiles are also averaged every one meter to ensure the consistency of the compiled
database. These averaged indices are then used in the subsequent analysis.

Secondly, it shall be important to exclude the data points corresponding to the soil
mixtures and hence the compiled dataset can represent the behavior of typical cohe-
sionless soils. To address this issue, the criteria of identifying physically homogeneous
soil units from a soil profile suggested by Uzielli et al. (2005) [7] are applied. In these
criteria, the coefficients of variation (COVs) of lgqt1N and lgIc of a homogeneous soil
unit shall be less than 0.10. Therefore, the data points with COVs of lgqt1N and lgIc
larger than 0.10 within the one-meter averaging interval are removed.

Using the above screening processes, six hundred and twelve (612) sets of {Y1, Y2,
Y3, Y4} data points are compiled and portioned into a calibration dataset for developing
the multivariate distribution model and a validation dataset for demonstrating the
performance of the model. The validation dataset is formed by extracting two or more
SCPTU soundings from each site. The sample sizes of the calibration and validation
datasets are 480 and 132, respectively.

2.3 Soil Behavior Types of SCPTU Parameters

The two SCPTU datasets are plotted in the Robertson soil classification chart [6] to
illustrate the soil types, as shown in Fig. 2. Most data points are identified as sandy silt
to sands with Bq < 0.1, indicating the drained to partially drained conditions during the
cone penetration. The Ic varies from 1.7 to 2.6, corresponding to the common range of
the coarse-grained soils [6]. Therefore, these data are deemed representative for the
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Jiangsu cohesionless soils. Besides, among the four parameters, Y1 = qt1N shows the
highest variability with COV = 0.47, perhaps due to the diversity and complexity of
soil strength, density and compressibility. Y3 = 1 + Bq is associated with the lowest
variability with COV = 0.009. This is reasonable since most u2 measurements in the
loose cohesionless soils are concentrated around the hydrostatic pressures and therefore
most Bq values are within the narrow range of −0.04 to 0.03.

3 Multivariate Correlation Analyses

The construction of a multivariate distribution model includes the data transformation,
correlation analysis, Bayesian updating, and back transformation [4]. The data trans-
formation converts a non-Gaussian Y parameter to a normal X variable, the correlation
analysis estimates the linear (Pearson) correlation coefficients between any pair of the
transformed variables, the Bayesian updating derives the predicted statistics such as
percentiles of a transformed variable conditional on other given variables, and the back
transformation provides the predicted statistics of the physical soil parameters in the
raw measurement scale [4]. These procedures are implemented in this section.

3.1 Transformation of Soil Parameters

In this study, the Box-Cox method is used to achieve the data transformation. Three
transformation parameters including a transformation power (k) and two standardiza-
tion parameters (a and b) are used in the Box-Cox transformation, and more details are
discussed in the literature [4]. Figure 3 shows the histograms and fitted normal dis-
tribution functions (smooth curves) of the transformed X variables. The estimated
transformation parameters for the four variables are also presented in Fig. 3.

A visual inspection on Fig. 3 indicates that the fitted normal curves match the
histograms well, implying that the each X variable may individually follow a normal
distribution. A more rigorous check of the normality is conducted using the
Kolmogorov-Smirnov (KS) test. The p values of the KS test are 0.65, 0.73, 0.90, and
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0.98 for the transformed qt1N, Ic, Bq, and Vs1, respectively. All these four p values are
larger than 0.05, indicating that each X variable can be viewed to follow a normal
distribution reasonably.

It shall be realized that even if each soil variable individually follows a normal
distribution, the four transformed variables do not have to jointly follow a multivariate
normal distribution as the joint distribution cannot be accessed by the marginal dis-
tributions. Nevertheless, past studies revealed that meaningful results can still be
derived in the case that the transformed variables do not strictly follow a multivariate
normal distribution [3]. Therefore, a rigorous test on the multivariate normality of the
four transformed variables is not conducted here. It is simply assumed that after
transformation these four X variables follow a multivariate normal distribution and thus
multivariate correlations can be derived analytically. Instead of verifying this
hypothesis, this study is focused on developing the multivariate correlations for Vs1

since the latter is of main interest for geotechnical engineers.

3.2 Correlations Among Transformed Variables

The next step is to evaluate the linear correlation between any pair of the X variables.
The estimated correlation matrix for the calibration dataset of transformed {qt1N, Ic,
1 + Bq, Vs1} is given in Table 1. The positive correlation between qt1N and Vs1 is in
accordance with the studies conducted in the literature [1, 2]. The Ic is found to be
negatively correlated to qt1N and Vs1. This can be explained by the fact that the increase
of the fines content may decrease the soil strength and stiffness. The correlation
between (1 + Bq) and Vs1 is also found to be negative, perhaps due to the fact that a
negative observation of Bq indicates a high density and low void ratio of the cohe-
sionless soils and thus Vs1 shall be high. Besides, the correlation between X1 and X2 is
highly strong. This is not surprising since qt1N is directly impacted by the soil type (Ic).

Based on the above discussion, the correlation matrix shown in Table 1 is deemed
reasonable. Therefore, it will be used in the subsequent Bayesian updating and back
transformation to develop the correlations for Vs1. It shall be noted that the correlation
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coefficients among Vs1 and {qt1N, Ic, 1 + Bq} are moderate, implying that bivariate
correlation for Vs1 conditional on any one of {qt1N, Ic, 1 + Bq} is not advisable.
Multivariate correlations that involve multiple indices to reduce the uncertainties within
soil parameters shall be better to improve the accuracy of the predictions.

3.3 Correlations for Vs1 Conditional on Other Parameters

For a set of X variables following a multivariate normal distribution, the mean value
and variance of one variable conditional on other variables can be derived using a
Bayesian updating technique [3]. Based on these two statistics, the percentiles and
moments of the corresponding Y variable can be obtained using a back transformation
method [4]. More details on the Bayesian updating and back transformation procedure
can be found in the literature [4]. In this section, only the final mathematical expres-
sions for the predicted median of Vs1 are presented.

The bivariate Vs1 � qt1N; Vs1 � Ic; and Vs1 � Bq correlations derived from the
developed multivariate distribution model are given in terms of median as follows:

Vs1 ¼ 0:344Q�0:038
t þ 0:354

� ��12:240 ð1aÞ

Vs1 ¼ 0:0048I1:693c þ 0:632
� ��12:240 ð1bÞ

Vs1 ¼ 0:155 1þBq
� �3:198 þ 0:498

h i�12:240
ð1cÞ

Figure 4 presents the median values (smooth curves) of Vs1 predicted using
Eqs. (1a), (1b) and (1c). The calibration dataset, validation dataset and the predicted
95% confidence intervals that describe the 95% ranges in which the actual measure-
ments are located are also shown as the dash curves in Fig. 4. It is evident that the
predicted median values of Vs1 agree with the calibration and validation data well, and
the predicted 95% CIs are also in accordance with the scatter of these two datasets.
Therefore, the constructed multivariate distribution model is deemed reasonable to
describe the Vs1-related bivariate correlations for the Jiangsu cohesionless soils.

It is also shown in Fig. 4 that the predictions are notably scattered around the mea-
surements. Thus, the performance of the above bivariate correlations may not be satis-
factory. Enhanced accuracy of the predicted Vs1 can be achieved by developing the
multivariate correlations. The correlations for the median of Vs1 conditional on {qt1N, Ic},
{qt1N, Bq}, and {qt1N, Ic, Bq} are obtained as follows:

Table 1. Estimated Pearson correlation coefficients among X variables

Variable X1 X2 X3 X4

X1 1.000 −0.917 −0.283 0.554
X2 −0.917 1.000 0.286 −0.273
X3 −0.283 0.286 1.000 −0.465
X4 0.554 −0.273 −0.465 1.000
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Vs1 ¼ 1:184q�0:038
t1N � 0:026I1:693c � 0:269

� ��12:240 ð2aÞ

Vs1 ¼ 0:285q�0:038
t1N þ 0:111 1þBq

� �3:198 þ 0:295
h i�12:240

ð2bÞ

Vs1 ¼ 1:153q�0:038
t1N � 0:027I1:693c þ 0:126 1þBq

� �3:198�0:363
h i�12:240

ð2cÞ

The medians of Vs1 predicted using Eqs. (1a), (1b) and (1c) are plotted against the
actual measurements for the calibration and validation datasets in Fig. 5. The coeffi-
cients of determination (R2) of these three equations are also presented in Fig. 5. The
R2 values of Eqs. (2a), (2b) and (2c) are estimated to be 0.65, 0.40, and 0.78 for the
calibration dataset, and 0.66, 0.49, and 0.79 for the validation dataset, respectively. The
advantage of the multivariate distribution model is evident here, as the accuracy of the
predicted Vs1 can be improved by including more texting indices in the correlations. It
is also noted in Fig. 5 that the Vs1 may be underestimated by Eqs. (2a), (2b) and (2c)
when Vs1 > 300 m/s. This bias is most significant in the Vs1 � qt1N;Bq

� �
correlation.

This is perhaps because the sample size of the high Vs1 data is too limited. More data
are still necessary to evaluate the performance of these correlations for the stiff
cohesionless soils.
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The above three multivariate correlations are considered suitable for the Jiangsu
cohesionless deposits. More work shall be done to investigate the potential application
of these correlations in other cohesionless soils at other locations. This type of universal
validation requires sufficient data points for the cohesionless soils reported in the
literature. However, it seems that these data points have gained insufficient publication
and thus the universal validation is not conducted here. It is always worth exercising
due caution when the correlations developed in this study are applied for other soils as
site-specific effect may play an important role in the soil behavior [3, 4].

Moreover, extra caution shall be exercised when the extrapolating the correlations
developed in this study to the cohesive soils. For example, Long and Donohue [1]
reported that Vs = 1.961qt

0.579(1 + Bq)
1.202 for the Norwegian clays. This correlation

indicates a positive correlation between Vs and Bq, which is completely different from
the negative correlation achieved in this study. The detailed reasons for this difference
are still unclear and deserve further investigation. It is always advisable to check the
suitability of the correlations reported in this study in other soils before application.

4 Conclusions

In this study, a multivariate distribution model is used to describe the multi-dependency
within four SCPTU parameters of Jiangsu cohesionless soils. Based on the constructed
model, multivariate correlations for Vs1 are developed for the Jiangsu cohesionless
soils. It is shown that the model is capable of the multivariate correlations among the
four SCPTU parameters, and the uncertainties associated with the Vs1 can be consis-
tently reduced by incorporating more than one testing index in the prediction. How-
ever, it seems that the Vs1 may be underestimated by the multivariate correlations when
Vs1 > 300 m/s. Besides, more work shall be done to illustrate the performance and
universal applicability of these correlations in other soils.
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Abstract. Due to the inaccuracy and incapability of the conventional methods
of monitoring the groundwater level in vacuum preloading, a visual apparatus of
the measuring groundwater level has been designed. The proposed visual
apparatus was efficiently developed based on the video camera technology.
Utilizing a video camera system, it could be transmitted to the location of the
groundwater level in real time to the image receiver. This paper proposes a novel
approach using the visual measurement device and assess the conventional
methods for performing ground improvement in an area located in Lianyungang,
China. The groundwater level, vacuum pressure and the shear strength of soil
were recorded during the vacuum consolidation process. Since groundwater
level varied in vacuum consolidation, it would be necessary to analyze and
assess the variation of shear strength of soil caused by changing the groundwater
level. The results showed that the proposed approach is more reliable and
intuitive than conventional methods in order to measure the groundwater level
under vacuum preloading. Eventually, it is worth mentioning that, the shear
strength of soft soil was different at above and below the groundwater level.

Keywords: Groundwater level � Shear strength � Vacuum preloading

1 Introduction

Vacuum preloading method contains number of advantages, including high efficiency,
low greenhouse gases and low noise [1–3], in which it is widely used in the treatment
of the newly developed soft soil with high water content, high-compressibility, low
shear strength and low permeability [4]. The variation of groundwater level caused by
this soft foundation reinforcement method contains the characteristics of importance,
complexity and nonuniformity [5]. A traditional groundwater level test, which named
open type test, uses an ordinary water pipe, while it requires to open the pipe nozzle
during measurement. If the measurement could be immediately carried out after
opening, the position of the groundwater level rapidly varies (the drop speed can reach
3.45 mm/s [6]) in a short period, indicating that the conventional test methods cannot
truly measure the groundwater level under negative pressure. Meanwhile, based on the
previous theories developed by a number of scholars [5–7] pointed out that utilizing the
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conventional methods in order to assess the groundwater level under negative pressure
conditions would be inappropriate as well.

Under the negative pressure conditions, the groundwater level decreases,
unchanging and rising were reported by several scholars [8]. This originally backs to
lack of reliable and practical underground water level testing techniques to be used
under vacuum preloading. To overcome the mentioned challenges, in this study, a
novel visual apparatus method has been proposed, and it was employed for field to
investigate the effects of variations of groundwater level on the shear strength of soil.

2 Visual Measurement Device

A visual new groundwater level test device [9, 11] mainly includes a groundwater level
pipe (GLP) with scale, floating block and image receiver (mobile phone, laptop
computer) and other components. This method is using one camera, which mounted in
a floating block in GLP, to pass the water level corresponding to the scale to the image
display port. The specific structure is shown in Fig. 1(a), the physical diagram of the
new water level measuring device is shown in Fig. 1. The new visual apparatus
described in Li et al. [9] has three active components, as follow:

(1) A new groundwater level pipe (NGLP) is shown in Fig. 1(b). The most important
feature of this NGLP is the attachment of one stainless steel scale inside the
NGLP. The corresponding inner diameter, is about 110 mm, which is enough
large to facilitate the floating blocks in the pipe to be smoothly floated up and
down with the variation of water level. Generally, a NGLP is divided into per-
meable and impermeable sections. The upper part is impermeable section, which
is buried under the soil with the depth of within 2 m to ensure that the pipe is
impermeable and airtight [7]. The permeable section is composed of a NGLP with
a filter hole, which the diameter is 8 mm on the pipe wall, and a geotextile is
wrapped outside the pipe to avoid forming mud and other soil particles clogging
the filter hole. During the installation of the pipe, it is vital to consider verticality
in order to avoid sticking the floating blocks into the pipe.

(2) A floating block (Fig. 1(b)), which is composed of a lightweight material, is a
cylinder and its outer diameter is less than the inner diameter of NGLP. The upper
part of the floating block is equipped with a mirror hole to be used for placing an
endoscope camera. The endoscope camera, as shown in Fig. 1(b), has the
diameter of 7 mm, facilitating easy installation. The endoscope passes through the
top hole of the floating block and it is fixed by screws. Then, leads the endoscope
camera’s data line to the pipe and seal the upper nozzle.

(3) An image receiver, is composed of a mobile phone, or a laptop or other electronic
devices, which is connected to a camera in order to receive the captured images,
indicating the position of floating block corresponding to the scale position. The
groundwater level obtained from an image receiver is shown in Fig. 1(c).
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3 Field Testing

3.1 Test Location and Soil Profile

The test site was located at a land reclamation project in the northeastern of
Lianyungang, China. The test area (see Fig. 2) was 209 � 68 m2. The soil, which
investigated at the test, consisted of various layers, including filling sand (1.0 m), silt
clay (4.5 m), soft silty (6 m), and clay (5.5 m). The groundwater level was about 0.1 m
below the ground surface before applying the vacuum consolidation. Prefabricated
vertical drains (PVDs), with a cross-section of 100 mm � 4 mm, were placed in the
depth of 15 m in a square pattern with the spacing of 1.0 m. Vacuum preloading
operates for 75 days and the average vacuum pressure under the geomembrane was
90 kPa.

3.2 Instrumentations

The following methods were employed to estimate the groundwater level: an open type
test and the proposed visual apparatus. As shown Fig. 2, the GLP has two types: NS

Fig. 2. Field test plan

Fig. 1. Illustration of measuring for groundwater level under vacuum pressure: (a) Schematic
diagram for the new apparatus; (b) Floating block; (c) Image receiver ports

Visual Measurement Device and Experiment of Ground Water Level 375



was applied by the proposed visual apparatus and CS was utilized by an open type test.
In the improved zone, three NGLPs locations close to the PVDs, from NS3 to NS5,
were designed in one section with spacing of 30 m, which the NS3 was in the center of
the test zone. Near the NGLPs, CS3 to CS5, were placed at a distance of 1.0 m with
NS3 to NS5, respectively. Outside the improved area, two open GLPs (SW1 and SW2)
were installed. Additionally, all GLPs and NGLPS were installed in the level of 8 m
(groundwater level drops by less than 6 m [6]). During the test, two periods, 26th to
29th October, and 25th to 28th November, which the disappearance of vacuum
preloading was caused by power outage.

The in situ testing was undertaken to evaluate the improvement of soft grounds
where pore water pressure (PWP), vacuum pressure (VP), surface settlement (BC) were
considered as well, as shown in Fig. 2. In addition, the field vane shear test before and
after the vacuum preloading was conducted.

4 Measurement Results and Data Analysis

4.1 Validation of the Proposed Visual Apparatus

A comparison regarding the groundwater level, which obtained by the methods of the
proposed visual apparatus and open type test was done, and the result is shown in
Fig. 3. The results achieved by these methods demonstrated that the groundwater level
dropped and the variations showed the same trend during the vacuum preloading.
However, results of the groundwater level achieved by the open type method have
deeper than that the proposed visual apparatus. The maximum differences of the
groundwater level, at the end of the vacuum preloading operation, were approximately
found 1.1, 1.1, and 0.6 m between CS3 and NS3, CS4 and NS4, and CS5 and NS5,
respectively. Because the open type method must open the GLP then can be tested,
accordingly, the atmospheric pressure immediately goes into the pipe, which caused
that the groundwater level to be quickly decreased.

Fig. 3. Comparison curves of the two measuring methods
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In addition, under the same environmental conditions, the results of the ground-
water level achieved by the proposed visual apparatus showed to be more stable than
the open type test. This can be justified that by employing the proposed visual appa-
ratus, rather than using the open type test should open GPL nozzle, the negative
pressure variations are applied to the GPL. The speed of the operates will different
made the results differently, since the slow operation will take more time for changing
the groundwater level in GPL, while less time is available for changing the ground-
water level in the GPL.

In summary, it can be concluded that the proposed visual apparatus represents the
following advantages over the open type test. (a) The whole process of testing the
groundwater level was conducted under the negative pressure conditions, and the
conventional methods had failed to be appropriately measured; (b) It could be found
that the proposed visual apparatus can directly detect the groundwater level by an
image receiver; (c) The expense of one float and one camera is about 200RMB,
meaning that the cost of the proposed visual apparatus is slightly higher than the open
type test, while this apparatus can be reused several many times, (d) Required less
manpower, only one person is enough to handle this test, while at least two people is
required to perform the open type test.

4.2 The Material of the Groundwater Pipe

NGLP is such an important material which is used in groundwater level test. The
particular feature of this method is that a ruler is set in the wall side of the groundwater
level. For choosing the appropriate ruler material, the authors have conducted the
experiment contrast. As displayed in Fig. 4, the surface of the rulers of both materials is
complete before the pipe is laid. After passing 90 days of vacuum reinforcement, these
two rulers are depicted in Fig. 5. As can be seen from Fig. 5, a conventional steel ruler
has been fully corroded by seawater, while the stainless steel ruler was kept intact.
Therefore, when the water used in the reinforcement zone is seawater, it is highly
recommended to utilize a stainless steel ruler.

Fig. 4. The ruler inside of the groundwater pipe before test, (a) The ruler material is a common
Steel, (b) the material of the ruler is the stainless
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4.3 Comparing the Variation of Groundwater Level Inside and Outside
the Improved Area

In order to study the variation of groundwater level outside the reinforcement zone
under negative pressure, NS5 point in the studied reinforcement area with SW1 and
SW2 points, outside the region, were compared which the results are shown in Fig. 6.
As illustrated in Fig. 6, the variation of groundwater level inside and outside of the
reinforcement region is basically the same. During the vacuum strengthening, the
groundwater level at the SW2 point was the highest, and was 0.4 m higher than at SW1
point. Additionally, the ground water level of NS5 was within 0.8 m lower than that of
SW1. This shows that under the negative pressure, the groundwater level in the rein-
forcement zone quickly decreased, and the speed of seepage consolidation was max-
imum as well. The farthest point from the boundary of the reinforcement zone outside

Fig. 5. The ruler inside of the groundwater pipe after test, (a) The ruler material is a common
Steel, (b) the material of the ruler is the stainless

Fig. 6. Comparison of the groundwater level changes for inside and outside of the improvement
zone
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the SW2 point indicated that the negative pressure was also affected at the distance of
10 m away from the boundary of the reinforcement zone. Simultaneously, the
groundwater level in the reinforcement area inside and outside of SW1 and SW2
points, after passing 18 and 50 days, could suddenly rise, and when the vacuum
negative pressure reached to 90 kPa, the variation trend of the groundwater level
gradually decreased in which this reduction rate was stable.

4.4 Undrained Shear Strength

To investigate the undrained shear strength behavior connected to vacuum preloading
operation, Bao [10] pointed that the shear strength of soil was different at below and
above the groundwater level. Considering the effect of groundwater level, an analytical
solution was presented by Bao [10] as follows:

DSu ¼
qþ gPv � cmhð Þ sin u0

1þ sin u0 h� h0ð Þ
qþ gPv � cmh0ð Þ sin u0

1þ sin u0 h[ h0ð Þ

(
ð1Þ

where, q is the surcharge preloading, Pv is the vacuum pressure, h denotes the
groundwater level at any time, h0 is the initial groundwater level, and u0 represents the
friction angle.

The groundwater level was around 1.0 m over the membrane as surcharge
preloading. The field samples used to test the van shear strength were located at the
NS3, where the average groundwater level was about 3.0 m. The results of the com-
putations and field tests are summarized in Table 1. The results demonstrated that the
shear strength of soft soil increased faster at above the groundwater level than the
below one, and the computation was in a good agreement with the field test data in
which the rate of error was 9%.

Table 1. Comparing the measured and predicted undrained shear strength values.

Depth
(m)

Pv

(kPa)
qþ gPv � cmhð Þ &
qþ gPv � cmh0ð Þ
(kPa)

u
(°)

su0
(kPa)

su
(kPa)

Field
data

Dsu
(kPa)

Error Dsu
(h0 = 0)
(kPa)

Error

0.5–0.7 90 94.12 30 43.6 13 30.6 31.4 2.5 33.3 8.9
2.5–2.7 90 74.52 29.7 38.4 12 26.4 24.7 −6.5 33.1 25.5
4.5–4.7 90 70.6 24 47.3 26 21.3 20.4 −4.2 28.9 35.7
6.7–6.9 90 70.6 26.4 41.5 21 20.5 21.7 6.0 30.8 50.1
8.7–8.9 90 70.6 23.6 35.1 13 22.1 20.2 −8.7 28.6 29.4
11.7–
11.9

90 70.6 23.1 39.3 18 21.3 19.9 −6.6 28.2 32.3

13.7–
13.9

90 76.48 23.5 42.5 21 21.5 21.8 1.4 28.5 32.6
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5 Conclusions

The main objective of this paper is to present a new apparatus in order to measure the
groundwater level in the vacuum preloading. The reliability of the proposed mea-
surement device was verified by monitoring data derived from field testing. Under the
negative pressure, the groundwater level decreased and the impact ranges of negative
pressure on outside the reinforcement area could reach at the distance of 10 m.
For GLP, considering high-salinity of seawater, the durability of rule material using
stainless steel ruler is better than an ordinary steel. In addition, the results achieved
from the field test also demonstrated that it would be vital to consider groundwater
level variation in order to predict the shear strength of soft soil.
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Abstract. Most of the correlations of CPT-SPT have been widely investigated
based on a statistical method without considering the multicollinearity among
the influenced factors. Therefore, one model combining back propagation neural
network (BP ANN) with partial least square regression (PLS), which could
consider the multicollinearity influence, is proposed for building CPT-SPT
correlation. The sensitivity analysis based on the ANN model and the PLS
model is conducted, and the four most sensitive factors are obtained, i.e., cone
resistance (qc), soil behavior type (SBT), friction resistance (fs) and soil
behavior index (Ic). Further, these four most sensitive factors plus fine content
(Fc%) and effective stress ðr0oÞ are adopted as the input factors of the combined
model (BP ANN associated PLS). And 362 group data are collected from New
Doha Port for building the combined model. The result shows the combined
model has a correlation index R2 of 0.83311 and further demonstrates the
combined model is effective. Finally, additional 50 group data are applied to
verify the combined model. The result indicates that it can improve the corre-
lation coefficient between the predicted (qc/pa)/N value and the measured one
from 0.6429 to 0.7523 and reduce the relative error from 28% down to 21%
compared with the solely PLS model. Given the advantage of the combined
model, it can provide a more effective and reliable method for CPT-SPT cor-
relation analysis in practice.

Keywords: Multicollinearity � Partial least square regression
BP artificial neural network � CPT-SPT correlation

1 Introduction

The in situ standard penetration test (SPT) has been widely used because of its sim-
plicity and operability; however, it has disadvantages of poor repeatability and low
reliability because the N value can be influenced by many factors. Alternatively, the
cone penetration test (CPT), as one of the continuous in situ tests with higher
repeatability and reliability, is increasingly applied in design aspect [1–4]. Therefore, to
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L. Hu et al. (Eds.): GSIC 2018, Proceedings of GeoShanghai 2018 International Conference:
Multi-physics Processes in Soil Mechanics and Advances in Geotechnical Testing, pp. 381–390, 2018.
https://doi.org/10.1007/978-981-13-0095-0_43

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_43&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_43&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_43&amp;domain=pdf


fully use the existing SPT empirical experience, an in-depth study of the correlation
between SPT and CPT is required. Based on a detailed referenced review of the
literature [5–13], most of the correlation was mainly based on the mathematical
statistics correlated with single influence parameters, such as mean grain size (D50),
fine content (FC (%)), soil behavior type (SBT) and soil behavior index (Ic). However,
these correlations are normally built on multiple factors without considering the mul-
ticollinearity of influence factors.

Back propagation artificial neural network (BP ANN) is an artificial intelligence
algorithm that can be applied to build the complicated nonlinear relationship through a
reasonably accurate model. However, because of the high dimension of independent
variables and multicollinearity among variables, the BP ANN model is more unstable
compared with the partial lease square (PLS) approach [14–19]. The PLS approach, as
a regression analysis method, with its advantage of eliminating the muliticollinearity
between variables, can be used to perform regression analysis. Thus, to take advantage
of the BP method, the PLS methodology was proposed to be combined with the BP
model to analyze the correlation between CPT-SPT.

2 Method of Partial Least Squares

The partial least squares method, a multivariate statistics method that can extract the
most effective interpretative information for independent variables with a limited
sample to achieve higher predicted accuracy and reduce the muliticollinearity of
influence factors, has become increasingly common in actual engineering [20–22].
When partial least squares analysis is being conducted, the first principal components
t1 and u1 are extracted from the dependent and independent variables and are the most
represented component of the variable nature and have the greatest relevance. Next, the
second or third principal component is continuously extracted from the residual
information of variables until the precision of multivariate regression analysis for all of
the extracted principal components can meet the requirement.

When performing partial least squares fitting analysis, the variable importance
projection (VIP) can be used to measure the explanatory capacity of each independent
variable to dependent variable. The VIP value of the jth independent variable can be
calculated as Eq. (1) [21, 22].

VIPJ ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

P
Rd y; t1; � � � ; tmð Þ

Xm

h¼1
Rd y; thð Þw3

hj

s
ð1Þ

Where y is the dependent variable, Rd y; thð Þ is the explanatory capacity of principal
component th to dependent variables y, Rd y; t1; � � � ; tmð Þ is the cumulative explanatory
capacity of each principal component to dependent variable y, and whj is used to
calculate the marginal contribution of independent variables xi on the principal com-
ponents th.

According to the above formula, the importance of the independent variable is
mainly transferred through the principal component. If the explanatory capacity of the
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principal components for the dependent variable is stronger with higher fitting preci-
sion, then it can verify the greater importance of the independent variable for the
dependent variable. Therefore, the VIP value can be used to evaluate the sensitivity
between different independent variables, thereby screening out factors that have a
major influence on the dependent variable.

3 Principle of BP ANN Associated with PLS

The BP ANN is a complex nonlinear system. It can establish a high accuracy of the
mapping relationship between the existing input and output parameters; this relation-
ship can be used for output variable prediction if there are enough samples for network
training [19, 23]. When adopting BP ANN to perform an analysis, the input and output
variables correlation degree will affect the stability of the model structure. Thus, the
mean impact value index (MIV) was introduced to quantitatively evaluate the impor-
tance of input variables to the output variable [24]. By comparing the absolute value of
MIV, the importance of the input variables can be judged. Hence, the input variable
evaluation and selection can be achieved.

Since most of the BP ANN input variables are selected based on researcher pro-
fessional knowledge and experience, no strict theoretical system is available regarding
the screening and analysis of input variables. However, because the validity of the
input variables and independence will affect the fitting precision of the network
structure, the analysis of the effectiveness and independence of input variables shall be
carried out first based on the VIP value using the BP ANN model and the MIV value
using the partial least square method. Next, the reasonable and effective value is
screened based on sensitivity analysis of each independent variable. Second, on the
basis of the partial least square method, a number of valid principal components are
extracted as input variables of the BP ANN for building a reasonable network model
[25, 26].

4 CPT-SPT Correlation Study for the New Doha Port Project

The New Doha port in Qatar was using the dry excavation method with a coastline with
a total length of 8050 m, excavation basin area of 3.385 million m2 and total exca-
vation amount of approximately 65 million m3. The ground treatment area was
approximately 6.3 million m2, with an average thickness of approximately 6 to 8 m.
The backfilling material is sand with fine content less than 15% with thickness of
nearly 2 to 4 m. The natural subsoil was sedimentary soil. Most of the soil was silty
sand, sandy silt, and fine or medium sand with a silty pocket (maximum fine content of
up to 70%–80%).

Dynamic compaction was adopted for ground improvement, and CPT was selected
as the verification test. SPT was also selected for comparison with the CPT result
within 1 m distance. Because the SPT N value was counted through 30 cm, the average
qc correlated with same depth will be used for comparison. A total of 362 comparing
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groups are collected for model building, and an additional 50 groups’ data were
adopted for model verification.

4.1 Sensitivity Analysis of the CPT-SPT Correlation Influence Factors

According to previous research data, the main factors affecting the (qc/pa)/N were
mainly related to cone tip resistance (qc), friction resistance (fs), penetration depth (D),
the effective stress for overlying strata ðr0oÞ, fine content (Fc%) (<0.063 mm) particles,
friction ratio (Fr%), mean particle diameter (D50), soil behavior index (Ic) [27], and soil
behavior type SBT. The sensitivity of influence factors will be determined to analyze
the importance of an impact factor based on the BP ANN MIV value and PLS VIP
value. Thus, more sensitivity values can be screened out for the BP network input
factor based on sensitivity analysis.

The MIV values based on BP network analysis of different impact factors are
shown in Fig. 1. It shows that the most influential factors were qc, SBT, Ic, fs, r0o, D,
Fr(%), Fc(%) and D50. Three of them, i.e., Ic, Fr(%), and Fc(%), show negative
correlation, and the remaining impact factors show positive correlation in order.

Based on the PLS method, the VIP values obtained are shown in Fig. 2 below. It
reveals that the most explanation capacity of each independent variable to dependent
variable was in the following order: qc, SBT, fs, Ic, FC(%), D, r0o, Fr(%) and D50.

The two sensitivity analysis methods introduced above show that the analysis
results are close to each other. Based on the analysis result, four of these factors, i.e., qc,
SBT, fs and Ic, are the most important impact factors. The strongest sensitivity of these
four factors will have a great impact on the dependent variable (qc/pa)/N, while the rest
of the five impact factors obviously have less impact. Moreover, because the pene-
tration depth D was linearly correlated with r0o and Fr(%) can be obtained from qc and
fs, these two factors will be removed when performing further correlation analysis to
avoid multicollinearity. Further, D50, with the lowest MIV value and VIP value, was
excluded. Thus, taking into account the above analysis, the six impact factors qc, SBT,
fs, Ic, FC% and r0o will be selected for correlation analysis.
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Fig. 1. MIV value based on the BP network Fig. 2. VIP value based on PLS
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4.2 CPT-SPT Correlation Analysis Based on the PLS Method

According to the sensitivity analysis of the independent variable above, six variables
are selected for further analysis. The correlation coefficients between the independent
variables are shown in Table 1 below.

Based on the above-mentioned correlation matrix calculation result, a strong cor-
relation exists between variables. To reduce multicollinearity between variables, the
PSL method should be applied to extract the principal component that corresponds
to cross validation. Set Q2

h as the cross validation test result of t1 and Q2
h cumð Þ as the

cumulative cross validation value. The principal component and related cross valida-
tion test results are shown in Table 2 below.

According to Table 2, the cross validation value for the third component was
0.00953, which was less than 0.0975. Thus, the extraction of principal components will
be terminated according to the introduction of PLS method in Sect. 2. The first two
principal components with cross validation values larger than 0.0975 will be selected
for fitting analysis. To further verify the correlation between the independent variable
and dependent variable, the extracted principal t1 from the independent variables and
u1 extracted from the dependent variables are used to conduct a correlation analysis.

Figure 3 shows that the independent variables and dependent variables have a
strong linear relation with a correlation coefficient of 0.62, which indicates that the
applied model was reasonable. Further, the regression analysis is based on the original
impact factors transferred from the selected two principal components. The coefficient
of regression equation is shown in Fig. 4. It reveals that the four impact factors, cone
resistance qc, soil behavior type SBT, friction resistance fs and soil behavior index Ic,

Table 1. Variables correlation matrix

Variables Ro (kPa) qc fs SBT Ic Fine% qc/pa/N

ro(kPa) 1.000 –0.161 –0.135 –0.302 0.675 0.454 –0.221
qc 1.000 0.849 0.776 –0.654 –0.292 0.765
fs 1.000 0.606 –0.448 –0.249 0.650
SBT 1.000 –0.828 –0.497 0.752
Ic 1.000 0.575 –0.668
Fine% 1.000 –0.275
qc/pa/N 1.000

Table 2. Overall cross validation for components

Principal component Q2
h Q2

h cumð Þ
t1 0.615 0.615
t2 0.105 0.655
t3 0.00953 0.659
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with larger coefficient values indicated that these four impact factors have a great
impact on the dependent variables.

To evaluate the prediction accuracy of the regression equation, the independent
variable selected from the additional verification groups will be adopted as the input of
the regression equation in Fig. 4. Afterwards, the output value calculated from the
regression equation was compacted with actual results. The scatter distribution of
actual values and predicted values is shown in Fig. 5. The predicted values are found to
have a good fitting degree of regression, with a correlation coefficient of 0.6298. Based
on the analysis above, the PLS model using the selected impact factors clearly has a
good prediction result and can reduce multicollinearity.

4.3 Correlation Analysis Based on the Combined Method

(1) Building of the combined method

Based on the theory of Sect. 3, the two principal components extracted from the PLS
method will be taken as the input variables of the optimized BP neural network model,
and the ratio (qc/pa)/N will be taken as the output variable. Based on the MATLAB
neural network toolbox, three layers of the BP ANN model are adopted. For infor-
mation regarding the determination of the number of hidden layers, please refer to the
literature [17].

Fig. 4. Coefficient of regression plotFig. 3. t1/u1 regression analysis

Fig. 5. Correlation analysis of predicted and measured values

386 X. Liang et al.



The collected 362 group data, which were automatically separated into three groups
with a ratio 2:1:1, will be used for BP network model training, validation and pre-
diction. The correlation analysis result of three stages can be obtained after model
analysis running is completed. The correlation coefficients for the three stages based on
the three groups are 0.85535, 0.8381, 0.71662, as shown in Fig. 6.

The correlation coefficient based on all of the data is 0.83311 and was found to be
higher compared with the correlation coefficient of 0.6298 obtained from the partial
least squares model. As a result, the optimized BP neural network model associated
with the PLS method can achieve higher fitting precision and obtained a better
prediction.

(2) Applicability of the combined model

To further verify the model BP neural network associated with PLS reliability and
feasibility, an additional independent 50 sets of data were collected from another area
that was not incorporated in model building and training. The principal components
based on selected impacted factors of 50 sets of data are input in the established
combined model. After model building and training, the predictive output dependent
variable was obtained, i.e., (qc/pa)/N. Next, correlation analysis is conducted for the
predictive and actual dependent variable. Moreover, the correlation analysis for the
predicted variable using the single PLS model was also conducted. The correlation
results are shown separately in Fig. 7 (a) and (b). The fitting index and average error for
these two models are calculated in Table 3.

Based on the figure and the table referenced above, the combined model has less
root mean square error RMSE, and the relative error can be reduced from 28% for the

Fig. 6. Correlation analysis of the predicted and measured values for different groups
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single PLS model to 21%. Further, the correlation index was improved from 0.6429 to
0.7523. As a result, the combined model, i.e., the BP network associated with PLS, had
a higher prediction precision and a better fitting correlation compared with the model
that only applied PLS.

5 Conclusion

Based on the above analysis regarding the optimized BP neural network associated
with PLS for CPT-SPT correlation, the following conclusions can be drawn:

(1) The four most important impact factors regarding the correlation of CPT-SPT
were cone resistance (qc), soil behavior type SBT, friction resistance (fs) and soil
behavior index (Ic) based on the sensitivity analysis using the MIP and VIP
values.

(2) The four most important impact factors plus FC% and effective stress r0o are taken
as the input variables for building the combined model. The result shows that the
combined model provides a great performance with correlation index R2 of
0.83311 and further demonstrates the combined model is effective.

(3) Fifty additional sets of data were collected to verify the applicability and relia-
bility of the combined model. The verification results show that the combined
model can improve the correlation index R2 from 0.6429 to 0.7523 and reduce the
relative error from 28% down to 21% compared with the solely PLS model.

(4) The PLS model could reduce the effect of multicollinearity among variables, and
the BP ANN model could build a non-linear relationship with high precision.
Therefore, the BP network associated with the PLS method, which makes full use
of these two advantages, provides a new method for CPT-SPT correlation
development.

(a) PLS model (b) Combined model

y = 1.2061x - 0.6767
R² = 0.7523
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Fig. 7. Correlation analysis of the predicted and measured values

Table 3. Statistical table of mode’s precision parameter

Model RMSE Relative error(%) Correlation index-R2

PLS 1.34 28 0.64287
BP associated with PLS 1.22 21 0.7523
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Abstract. The conventional method for determining preconsolidation stress of
clay is via one-dimensional consolidation tests on undisturbed samples but a
first-order approximate value can be estimated from simple empirical models that
relate preconsolidation stress to easily measured soil properties, such as natural
water content, liquid limit, plasticity index, etc. In this paper, a two-fold simple
empirical model for predicting preconsolidation stress that bifurcates at an
overconsolidation ratio (OCR) of 3 is developed. Two independent data sets
which consist of about 2000 samples of fine-grained soils are used as model-
building and model-validation data sets. The results of applying the new and
existing simple empirical models to validation data set indicate that (1) the
proposed model provides quite acceptable estimates for soils with different stress
histories and sensitivities, (2) the predictive ability of the new model is quite
superior to existing models, and (3) the performance of prior existing models can
be classified as unacceptable.

Keywords: Preconsolidation stress � Index properties � Empirical models

1 Introduction

Among important engineering properties of clay, the preconsolidation stress ðr0pÞ is the
most important one, as this key parameter affects shear strength and compressibility of
fine-grained soils. Specifically, the stress history of the soil is represented by the
preconsolidation stress (or “yield stress”), often reported in a dimensionless form as the
overconsolidation ratio ðOCR = r0p=r

0
voÞ.

Conventionally, r0p is determined by performing one-dimensional consolidation
tests on undisturbed soil samples and test results are interpreted by the method of
Casagrande (1936). A variety of problematic issues may arise during either or both
processes (i.e., during sampling and interpreting the results) which makes the deter-
mined values of preconsolidation stresses somewhat doubtful. As such, several dif-
ferent graphical or numerical methods have been developed to either better define r0p or
correct for the effects of sample disturbance. Considering these difficulties, empirical
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statistics-based models that use various physical and/or index properties as entry
information appear to be very beneficial. The virtue of using simple index properties as
predictor variables is that (1) these indices are almost insensitive to sample disturbance,
(2) they are familiar to all geoengineers, and (3) they can be easily and economically
determined. Such empirical models can also be useful in cross-checking and validating
laboratory-determined values of r0p (Kootahi and Mayne (2017). Simple correlations
for r0p have been linked to few index properties (e.g., Stas and Kulhawy 1984; Nagaraj
and Murthy 1986). Table 1 summarizes the currently available simple empirical
models for estimating r0p.

Accordingly, this study aimed at developing a robust simple empirical model for
estimating the preconsolidation stress of clays. For this purpose, the methodology of
this study used a two-phase strategy, consisting of an initial model-building process,
followed by a model-validation procedure. That is, a good quality model-building data
set is collected first to derive the empirical expression for predicting r0p. Later, a
separate model-validation data set is compiled and it is used for assessment purposes.

2 Model-Building and Model-Validation Data Sets

Two independent data sets of experimental data which consisted of about 2000 samples
of fine-grained soils were compiled from different sources. The data set for developing
new model (model-building data set) consists of 120 data points from 59 different sites
all over the world. An independent model-validation data set which contains 1850 data
points from 194 different sites worldwide was compiled for assessing the performance
of both newly proposed and existing empirical models. However, after careful
screening, data were selected for the model-building and model-validation data sets
only if they were obtained from high-quality undisturbed sampling techniques. Due to
space limitations, a detailed description of the two data sets is not given here and only
summaries of their characteristics are given. Detailed description and discussion of the
both model-building and model-validation data sets (with a full list of sources utilized)
can be found in Kootahi and Mayne (2016, 2017).

Table 1. Available simple empirical models for predicting the preconsolidation stress.

Correlation Applicability Reference

r0p=pa ¼ 10ð1:11�1:62LIÞ Clays with St < 10 Stas and Kulhawy
(1984)

r0p ðkPaÞ ¼ 10½5:97�5:32ðwn=LLÞ�0:25 log r0vo� Overconsolidated
uncemented soils

Nagaraj and Murthy
(1986)

r0p ðkPaÞ ¼ 10ð2:9�0:96LIÞ Onshore and offshore
clays

DeGroot et al.
(1999)

r0p=pa ¼ 1:070 LI�0:295 Sensitive to quick clays Ching and Phoon
(2012)

Notes: wn = natural water content; LL = liquid limit; LI = liquidity index; St = sensitivity;
r0vo = effective overburden stress; pa = atmospheric pressure (=1 atm � 100 kPa)
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The model-building data set consists of index properties of different clay soils and
their corresponding consolidation curves that were taken from different sources and
processed consistently. That is, most of the consolidation curves were digitized from
the original sources and redrawn again, and then preconsolidation stresses were
determined using the method of Casagrande (1936). The observed measurements
include natural void ratio en, natural water content wn, liquid limit LL, plastic limit PL,
plasticity index PI, liquidity index LI, preconsolidation stress r0p, and effective over-
burden stress r0vo. This database contains clay soils of different physical and mechanical
properties. The model-validation data set consists of index properties and preconsoli-
dation values of different fine-grained soils collected from the literature. In order to
ensure a robust and effective validation process, the records in the model-validation
data set completely differ from those used in developing new and existing models. The
model-validation data set covers a wide variety of soil types. The statistics for main
geotechnical characteristics of the both model-building and model-validation data sets
are summarized in Table 2. It is seen from Table 2 that the parameter ranges for
validation data set are wider than those for model-building data set and thus a con-
clusive validation test is expected. Moreover, model-validation data set covers most
conditions encountered in practice.

3 Statistical Analysis and Discussion

3.1 New Model and Its Performance on Model-Building Data Set

The new model for predicting r0p was developed by statistically-fitting equations to the
model-building data set. More specifically, multiple linear regression analyses have
been performed to express the effective preconsolidation ðr0pÞ in terms of the properties
influencing r0p. which were identified through Pearson’s correlation matrix. However,
following the finding of Nagaraj and Murthy (1986), which states that estimates of
log ðr0pÞ can be obtained based on knowledge of log ðr0voÞ and ratio of wn/LL, loga-
rithmic transformations of variables (i.e., log ðr0pÞ, log ðr0voÞ, log (wn), and so forth)

Table 2. Statistics for main geotechnical characteristics of the both model-building and
model-validation data sets.

Parameter Model-building data set Model-validation data set
Mean Standard deviation Min Max Mean Standard deviation Min Max

r0p=pa 4.50 5.7 0.2 29.3 2.2 4.0 0.1 62.5

r0vo=pa 2.3 4.2 0.1 23.2 1.2 3.1 0.1 56.8
OCR 4.0 3.8 1.0 19.2 2.6 3.5 0.8 57.5
PL 23.6 9.1 10.0 74.0 28.9 11.5 4.0 151.0
LL 49.6 24.7 18.0 131.0 68.7 31.7 15.1 232.0
wn 39.1 22.3 9.5 153.0 63.3 30.2 14.8 215.0
LI 0.6 0.6 −0.6 3.5 1.0 0.7 −1.2 7.2
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were considered. Moreover, all stresses have been made dimensionless by use of a
reference stress equal to atmospheric pressure: pa = 1 atm � 100 kPa.

The correlation matrix, calculated for logarithmic values of variables (Table 3),
indicated a very strong positive correlation between log ðr0pÞ and log ðr0voÞ and a
significant correlation between log ðr0pÞ and log (LI). The correlation matrix also
indicated mild correlation between log ðr0pÞ and log (wn) or log (LL), but no significant
correlation at all between log ðr0pÞ and log (PL) or log (PI).

The model-building data set was split into two subsets and regression equations
were fitted to each subset of data. An overconsolidation ratio (OCR) of 3 (OCR < 3
and OCR � 3) was chosen as distinguishing parameter between the two subsets
because these two ranges of OCR (i.e., OCR < 3 and OCR � 3) represent two dif-
ferent classes of soil behavior (i.e., contractive vs. dilative behavior). Indeed, soils are
usually grouped by OCR as follows: normally- to lightly-overconsolidated (NC-LOC)
clays and moderately- to heavily-overconsolidated (MOC-HOC) clays. The results of
the applied statistical analyses are expressed in the following two-fold model:

log ðr0p=paÞ ¼ 0:21þ 0:89 log ðr0vo=paÞþ 0:12 log ðLLÞ
� 0:14 log ðwnÞ for OCRs\3

ð1aÞ

log ðr0p=paÞ ¼ 0:90þ 0:71 log ðr0vo=paÞþ 0:53 log ðLLÞ
� 0:71 log ðwnÞ for OCRs � 3

ð1bÞ

Based on the results of analysis of variances, both of these regression equations are
significant to a confidence level of 99.99%. The signs of regression coefficients in
Eqs. 1a and 1b are exactly what are expected. In fact, the larger the preconsolidation
stress, the smaller the natural void ratio (or equivalently the smaller the natural water
content). The liquid limit is the limiting value for natural water content and thus it
should be positively correlated with preconsolidation stress. A positive correlation
between r0p and r0vo is expected for most overconsolidated soils, in which overcon-
solidation is due to changes in overburden pressure (not due to cementation).

Table 3. Correlation matrix for logarithmic values of different soil properties.

Soil property r0vo=pa wn LL PL PI LI

r0p=pa 0.732 −0.340 0.252 −0.070 0.008 −0.572

r0vo=pa – 0.016 0.171 0.160 0.143 −0.308
wn – – 0.821 0.804 0.674 0.418
LL – – – 0.828 0.931 −0.160
PL – – – – 0.588 0.033
PI – – – – – −0.281
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For ease of use, the proposed relationships (Eqs. 1a and 1b) can be retransformed to
the original units, and therefore the direct expressions are:

r0p=pa ¼ 1:62ðr0vo=paÞ0:89ðLLÞ0:12ðwnÞ�0:14 for OCRs\3 ð2aÞ

r0p=pa ¼ 7:94ðr0vo=paÞ0:71ðLLÞ0:53ðwnÞ�0:71 for OCRs � 3 ð2bÞ

Note that these equations are consistent with the model developed by Nagaraj and
Murthy (1986). Specifically, the r0vo and ratio of wn/LL exist in both models. However,
the signs of coefficients in Nagaraj and Murthy’s model are not consistent with what are
expected for overconsolidated soils (e.g., the sign of r0vo should in fact be positive).
Equation (2a) has a coefficient of determination (R2) equal to 0.95 and Eq. (2b) has an
R2 of about 0.75. The calculated overall R2 for the complete model (1 � OCRs � 19)
is R2 = 0.89. The performance of retransformed model on model-building data set is
presented graphically and quantitatively, as shown in Fig. 1. The quantitative measures
include coefficient of determination (R2) and standard error of estimate (SEE). It can be
seen from Fig. 1 that the proposed model provides a very good fit to the model-building
data set. Note that since OCR depends on r0p, some engineering judgment is needed to
decide whether equation (Eq. 2a or 2b) is applicable to a specific depth in a specific
deposit. In the next section, an efficient classification scheme for discriminating between
NC-LOC clays and MOC-HOC clays is presented.

3.2 Discriminant Function for Differentiating NC-LOC
from MOC-HOC Clays

In order to find a mathematical expression for predicting which class (NC-LOC vs.
MOC-HOC) a particular sample with known index properties (wn, LL, etc.) and
effective overburden stress ðr0voÞ belongs, a linear discriminant analysis (LDA) was

Fig. 1. Performance of proposed model on model-building data set.
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performed. LDA finds a discriminant function (DF) that is linear combination of the
variables and best discriminates between predefined groups. The coefficients of the DF
are estimated so that the distance between the means of populations is maximized. The
populations (or predefined groups), which were intended to make their distance as large
as possible, are as follows: NC-LOC clay samples and MOC-HOC clay samples.
Discriminant functions with different predictor variables were tried, yielding the fol-
lowing significant function, in which DS is the discriminant score:

DS ¼ 5:152 log ðr0vo=paÞ � 0:061 LL� 0:093PLþ 6:219en ð3Þ

This DF is significant to a confidence level of 99.99%. The mean discriminant score
(cut-off value) for this discriminant function is 1.123 and NC-LOC clay samples have
DS < 1.123 and MOC-HOC clay samples have DS > 1.123. The performance of DF
on model-building and model-validation data sets is as follows: In the model-building
data set, DF correctly classified 107 of the 120 samples, for 89% correct classification
rate. In the model-validation data set, which is of particular interest, DF correctly
classified 1668 of the 1850 samples, for 90% correct classification rate.

The fact that the discriminant function presented here works very well over a wide
range of inputs suggests that it may provide a good scheme for guessing whether
equation (Eq. 2a or 2b) is applicable to a specific depth in a specific deposit. Thus,
Eqs. 2a–3 is combined into a single model.

3.3 External Model Validation and Comparison with Existing Models

In order to assess the generality of the new model and to assess its relative performance
in comparison to existing simple empirical approaches, the newly proposed and
existing models were applied to the compiled model-validation data set. In the present
study, the following existing empirical models are examined: Stas and Kulhawy
(1984), Nagaraj and Murthy (1986), DeGroot et al. (1999), and Ching and Phoon
(2012). In the application of the proposed model to model-validation data set, it was
assumed that the OCR was not available for each case. Therefore, in order to predict r0p
for each case, combination of Eqs. 2a–3 was used. The performance of the newly
proposed model on validation data set is presented graphically and quantitatively, as
shown in Fig. 2. Moreover, Fig. 3 shows the performance of the existing empirical
models on validation data set. The quantitative measures of model performance, which
are used to compare the overall accuracies of models, include coefficient of determi-
nation (R2), coefficient of efficiency (E), mean absolute error (MAE), and mean and
coefficient of variation of K (lK, COVK), where K is the ratio of predicted r0p over the
corresponding measured r0p.

From Figs. 2 and 3, it is evident that the predicted values of r0p using the proposed
model are closer to the perfect prediction line compared to the existing models. In the
case of the proposed model, the major source of disagreement between predicted and
measured preconsolidation stresses is attributable to the misclassified cases for which
the wrong equation was used for predicting r0p and it is not due to the inherent defects
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Fig. 2. Performance of proposed model on model-validation data set.

Fig. 3. Performance of existing empirical models on model-validation data set.
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of the proposed expressions (Eqs. 2a and 2b). Fortunately, there are only 182 mis-
classifications out of the 194 soil deposits in the validation data set (i.e., only one
misclassification in each soil deposit) and it should not be a worrisome issue. More-
over, reduction in the number of misclassified cases and consequently improvement in
the performance of the proposed model can be obtained by using newer data mining
approaches such as artificial neural networks instead of using Eq. 3.

The quantitative measures of model performance in Figs. 2 and 3 demonstrate good
performance of the proposed model and its superiority over existing models. It is noted
that coefficient of efficiency (E), with values ranging from–∞ to 1, has several
advantages over R2 in assessing model performances (See e.g., Kootahi and Mayne
2016). An E-value of 1 indicates perfect agreement between estimated and measured
values but values of E < 0 indicate unacceptable model performances. Based on the
calculated E values, predictive performances of all existing empirical models can be
evaluated as unacceptable, as their E-values range from –0.93 to 0.00. The proposed
model also has the smallest COV and COVs for existing models are quite large. Indeed,
it may be seen from Fig. 3 that existing models either severely underestimate or
severely overestimate the preconsolidation stress.

4 Summary and Conclusions

Using a two-phase strategy, which allows for developing and validating statistical-
empirical models, a new approach has been developed for predicting the preconsoli-
dation stress of clays ðr0pÞ from simple index properties (wn, LL, PL) and the effective
overburden stress ðr0voÞ. The compiled data were processed consistently to form a good
quality model-building data set and then multiple linear regression techniques were
applied, which yield a highly significant algorithm that bifurcates at an OCR = 3.
Discriminant analysis was also applied to find a discriminant function for discrimi-
nating between soils with OCR < 3 and soils with OCR � 3. The performance of the
new model, along with existing simple empirical models, was evaluated using an
external model-validation data set and four quantitative measures of model perfor-
mance (namely, R2, E, MAE, and COV) were used to compare the overall accuracies of
models. Based on the results of external validation, the performance of the proposed
model was an improvement (R2 = 0.88, E = 0.87, MAE = 68 kPa, COV = 0.51) over
any of the existing models (R2 range 0.11–0.29; E range −0.93–0.00, MAE range 119–
211 kPa, COV range 1.16–4.00). Furthermore, according to the calculated coefficient
of efficiencies, all of the prior existing models have unacceptable performance.
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Abstract. In-situ tests classify soils by their macro mechanical behaviors,
while many laboratory investigations suggested that the chemical composition
of pore water has significant influence on both physical and mechanical prop-
erties of clay. In this paper, Cone penetration test (CPTu) was conducted in
Lianyungang (LYG) marine-deposit plain in order to investigate the influence of
pore water salinity effect on in-situ test. Hereafter, the influence on the classi-
fication parameters of the Soil Behavior Type chart and the Eslami-Fellenius
chart were discussed respectively. The results suggested that the
Eslami-Fellenius chart was more suitable to identify LYG marine soft clay.
Theoretical solutions of cavity expansion in modified Cam clay were proposed
to interpret CPTu. It was inferred that pore water salinity effect could influence
the classification parameters and lead to the deviations of projections in clas-
sification chart. Despite the parameters used in Eslami-Fellenius chart were also
affected, soft clay was generally identified for the low sensitivity of their
parameters to the change of pore water salinity. As a conclusion, pore water
salinity effect should be taken into consideration while interpreting CPTu data
with respect to marine clay.

Keywords: CPTu � Marine clay � Soil classification � Salinity effect

1 Introduction

CPTu has been widely used in geotechnical investigation. A continuous and rapid soil
profiling is one of the advantages it has over conventional investigation approaches.
Many criterions have been proposed based on different database collected by CPTu [1–
3]. Essentially, in-situ tests categorize soils by the difference of their macro mechanical
behaviors. Previous researches have paid attention to the change of mechanical prop-
erties with different stress history [4]. Nevertheless, in addition to physical interactions
between the particles, there is the coupling of the pore fluid flow with the solid matrix
deformation that should be taken into consideration.
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Pore water salinity effect refers to the effect of pore water salinity on the physical
and mechanical properties of soft marine clay. The interaction between montmorillonite
and cations has proved to be a key factor of this effect [5]. The presence of soluble salts
in pore water can affect engineering characteristics via cation exchange, flocculation,
and dispersion of clay particles. Thickness of the diffuse double layer changes with the
variation of cation concentrations, along with plasticity properties. On the other hand,
with the increase of electrolyte concentration, the floc formation among the platelets of
the clays gets accelerated due to the dominance of attractive forces among particles in
the suspensions, leading to the formation of structure [6], along with the change of
macro mechanical behavior. Meanwhile, the consolidation behavior of clays is also
influenced by the presence of soluble salts [7].

However, with the leaching of salinity, the strength of the clay would decline
dramatically [8]. In most situations, the clay with a higher saline concentration tends to
be stiffer than that without salinity [9]. As a result, the in-situ tests only reveal the
current mechanical behaviors which has been affected by salinity effect and would
change with the leaching of salinity.

The aim of this study is to investigate the influence of pore water salinity effect on
CPTu interpreting. LYGmarine deposit was taken as an example and the influences on the
classification parameters of the Soil Behavior Type classification, the Eslami-Fellenius
chart were discussed respectively.

2 Test Sites and Methods

2.1 Test Sites

The test sites were located in LYG marine deposit plain, where soft clay was widely
deposited. Note that the clays in this area were deposited under a sea regression
background [7]. The clays in this plain have high water contents, compressibility,
sensitivity, low permeability and strength [10], leading to many problems in engi-
neering. Twelve sites were selected for this study. Figure 1 showed the location of each
site.

2.2 Test Methods

In-situ Tests
CPTu was conducted by the Vertek-Hogentogler standard cone penetration device. The
data were recorded every 5 cm until the penetration of Holocene sedimentary.

Laboratory Tests
High quality samples were taken at each site. The basic properties of the sampled soils
were investigated following JTG E40-2007 [11] and the results were listed in Table 1.
The plasticity properties of each sample were demonstrated in Fig. 2.

The tested pore water was centrifuged from the sampled soils and passed through a
22 lm syringe filter. The chemical composition of pore water was determined by Ion
Chromatograph (IC). As an exception, the concentration of SO4

2− was measured by
EDTA titrimetric method since the results measured by IC was interfered by the high
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Fig. 1. Coastal landforms of LYG and distribution of test sites

Table 1. Statistics of physical and mechanical characteristics of tested soft clay

Unit weight
ðkN �m�3Þ

Water content
x %ð Þ

Void
ratio

Plasticity
index PI

Liquid
index LI

Maximum 17.4 77.8 2.25 44.6 1.46
Minimum 15.4 37.9 1.27 21.2 0.56
Average 16.5 59.3 1.66 32.5 1.00
Standard
error

0.6 10.4 0.29 7.0 0.20
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concentration of Cl−. The total saline concentration of the pore water was assumed to
be approximate to the sum of all measured ion concentrations (including Cl−, Na+, K+,
Mg2+, Ca2+, Fe2+/3+ and SO4

2−). Furthermore, mineral compositions of the samples
were measured by X-ray diffraction (XRD) following SY/T5163-2010 [12]. The results
are presented in Table 2.

3 Results and Discussion

3.1 Salinity Distribution

Due to the presence of sandy or silty interlayers, the test data were not intact at some
positions. As a result, four boreholes with intact data, K4, K7, K8 and K10, were
chosen to illustrate the salinity distribution and soil classification to demonstrate the
relation between saline concentration and in-situ test results. The tip resistance curve
and the salinity distribution are shown in Fig. 3 and Fig. 4, respectively. The tip
resistance of K4 is generally higher than K7, followed by K8 and K10 in order. This
sequence is in correspondence with the sedimentary age.

K4 is the farthest borehole away from modern coastal line and the earliest site to be
deposited among the 4 sites. The long-time wash by runoff leads the saline concen-
trations to be almost identical at different depth, and they are all lower than the average

Table 2. Mineral composition of each site

Site K2 K3 K4 K5 K6 K7 K8 K9 K10 K11

Non-clay mineral 77.0 55.6 70.5 51.8 83.2 54.0 56.6 48.0 59.6 75.5
Clay mineral Illite/smectite 12.4 16.4 12.7 25.1 6.4 21.7 16.5 27.6 13.7 9.3

Other clay mineral 10.6 28.0 16.8 23.1 10.4 24.3 26.9 24.4 26.7 15.2

Fig. 3. Tip resistance of each site

14

12

10

8

6

4

2

2 3 4 5 6 7
Saline concentration (%)

D
ep

th
 (m

)

K4
K7
K8
K10

Fig. 4. Distribution of major ion concentration

Influence of Pore Water Salinity Effect on Identification of Soft Clay 403



concentration of Yellow Sea. Meanwhile, the particle size distribution curve shows a
distinct discrepancy among the sediments at different depths (Fig. 5), suggesting the
runoff intensity changes with the variation of sea level.

The gradation curve shows little difference among the tested samples, implying a
relatively stable deposit environment. The lower layers of K7, K8 and K10 has lower
concentrations than Yellow Sea, while the concentration of the upper layers declines
with the increasing depth. The high concentration in the surface layer is mainly caused
by surface water evaporation. Downwards the surface layer, the concentration depends
mainly on the time of the sediment being washed by underground runoff, leading to a
notable vertical saline distribution.

3.2 Soil Classification

A rapid and continuous soil classification is one of the advantages that in-situ tests
surpass conventional investigation approaches. There are plenty of classification
methods proposed by researchers based on tests conducted in different regions and by
different means. Among them, many parameters have been proposed to classify soil
type. Some parameters originate from theoretical solutions and others from empirical
practices. Some variables in the theoretical solutions would be affected by the change
of pore water salinity, resulting in the deviation and misjudgment of classification.

Soil Behavior Type Classification
Soil behavior type classification, proposed by Robertson [13], is one of the most widely
used classification chart. Z1 and Z2 in Fig. 6 were merged as one zone representing
sludge in correspondence to Chinese soil classification standard [3]. Two parameters
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are required to identify soils based on CPTu data, including normalized cone resistance
(Qt) and normalized friction ratio (FR):

Qt ¼ qt�rv0ð Þ=r0
v0 ð1Þ

Fr ¼ fs= qt�rv0ð Þ � 100% ð2Þ

Where rv0 is vertical stress; r0v0 is effective vertical stress.
The test results of soft clays in the 4 sites are listed in Fig. 6. Most sludge recorded

in drill profile is identified as clay in this chart. The data points of K4 distributed in a
wide range from Z1 to Z4 in Fig. 6 (note that with the increasing of opacity, the density
of data points becomes greater). K10, located closest to latest coastline and deposited
the most recently, shows the closest soil behavior to sludge. Generally, the clays
deposited earlier located further from Z2.

This result is similar to the classification of Norwegian marine clay [14]. The
deviation was ascribed to the fact that Robertson diagram was based mainly on
Canadian soils. Nevertheless, considering the similar result of LYG marine clay, it is
speculated that pore water salinity effect is one of the factors resulting in this deviation.

Deng et al. [7] reported that pore water salinity effect had significant influence on
the engineering properties of LYG clay, and a clay with a higher salinity behaved more
like a silt. Zhang [15] investigated the influence of this effect on artificial clay mixed by
montmorillonite and kaolinite and discovered that with the increasing saline concen-
tration, the critical stress ratio (M), rigidity index (IR) increased, plasticity index (Ip)
decreased and the slope of the normal consolidation line in the e-ln r0

v plane (k) were
slightly changed. With the interaction between montmorillonite and ions, it is presumed
the influence mechanisms of natural clays are similar to that of artificial clays.
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Mayne [16, 17] proposed a simplified theoretical solution of cavity expansion in
modified Cam clay to evaluate the tip resistance of CPTu, expressed as:

qt ¼ rv0 þ ½4
3
ðlnIR þ 1Þþ p

2
þ 1� �M

2
� ðOCR

2
ÞK � r0

v0 ð3Þ

Where IR is the rigidity index of the clay. IR can be calculated by:

IR ¼ exp( 137�Ip23 Þ
1þ ln[1þðOCR�1

26 Þ3:2�0:8
ð4Þ

Thus, based on the above expressions, it can be inferred that tip resistance would be
bigger with the increasing of saline concentration at a certain depth. To avoid the
trouble of discussing the influence of depth, normalized tip resistance is given by:

Qt ¼
qt� rv0

r0
v0

¼ ½4
3
ðlnIR þ 1Þþ p

2
þ 1� �M

2
� ðOCR

2
ÞK ð5Þ

Equation 5 indicates that when M and IR increase under the influence of the
interaction between montmorillonite and ions, Qt would appear bigger. The saline
concentration of K7 and K8 at different depth shows the regularity of vertical distri-
bution. Meanwhile, the particle distribution of both sites is similar. Figure 7 demon-
strates that the trend of saline solution and Qt remains similar.

Tan et al. [18] proposed that the sleeve friction could be taken similar to Beta
method for calculating side friction of piles. The sleeve friction of CPTu is given by:

fs ¼ K0tand
0
r

0
v0 ð6Þ
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Where tand
0
is the interface friction between penetrometer and the soil.

K0 can be calculated by:

K0 ¼ 1� sin/0ð ÞOCRsin/0 ð7Þ

Where /0 is the effective friction angle.
The normalized sleeve friction could be expressed by:

Fr ¼ fs= qt � rv0ð Þ � 100% ¼ fs=ðQt � r0
v0Þ ð8Þ

The effective friction angle increases with the increase of saline concentration,
leading to the decrease of K0 and fs [17]. Figure 8 gives the relation between fs and
saline concentration.

In SBTn chart, the changes of Qt and Fr caused an offset of the data projection. In
this case, under the effect of salinity effect, the increase of Qt and decrease of Fr led the
projection to move towards top-left, away from Z2. Therefore, the sludge was mis-
classified as normal clays, which would cause serious accidents in practices.

Eslami-Fellenius Classification
Eslami and Fellenius noted that the assumption of independence between Qt and Fr

would lead to a distortion in SBTn chart. Furthermore, the parameters used in SBTn
chart depend on overburden stress, which is hard to obtain directly from CPTu [1].
Therefore, a classification based on net tip resistance (qE) and sleeve friction was
proposed.

Figure 9 shows the database CPTu records plotted in the Eslami-Fellenius classi-
fication chart. It presents that LYG marine clays were accurately identified to be fine
grains/sensitive/collapsible clay. Eslami found that the smaller the soil particle, the
lower the location of data point in this chart. The data points of K4 are located higher
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than others’, indicating the particle sizes of K4 were bigger than others, which is
consistent with the gradation distribution in Fig. 5.

Similar to SBTn classification, the parameters of Eslami-Fellenius classification
chart were also influenced by salinity effect. Mayne proposed that the theoretical solution
of the penetration pore water pressure at the cone shoulder could be expressed by:

u2 ¼ u0 þ 4
3
lnIR �M

2
� ðOCR

2
ÞK � r0

v0 þ ½1� ðOCR
2

ÞK� � r0
v0 ð9Þ

According to Eqs. (3) and (9), the net tip resistance can be calculated using:

qE ¼ qt � u2 ¼ rv0 � u0 þ ½ðOCR
2

ÞK � 1� � r0
v0 þð 7

3
þ p

2
Þ �M

2
� ðOCR

2
ÞK � r0

v0 ð10Þ

qE increases with the increasing of M. Thus, the changes lead the projection to move
towards top-left in the chart. On the other hand, experiments have proved that clays
with montmorillonite flocculate in salty environment [6], driving the particles to grow
bigger. As has been discussed above, larger particles locate higher in the chart.
Therefore, the theoretical and experimental results are in good accord.

Zhang [17] reported that M almost doubled when the saline concentration raised
from 0% to 5% in artificial clay composed by 20% montmorillonite and 80% kaolinite.
After comparing Eqs. (5), (8) and (10), it can be inferred that theoretically, with the
increasing of M led by salinity effect, Qt is linearly multiplied with M, while just one
part linearly magnified in qE. This discrepancy results in the fact that parameters used
in SBTn classification are much more sensitive to salinity variation than that in
Eslami-Fellenius classification.

4 Conclusions

In this work, CPTu was conducted in LYG marine deposit plain in order to study the
influence of pore water salinity effect on in-situ tests. Two CPTu-based soil identifi-
cation methods were discussed in this study. The SBTn chart only identified a handful
of soft clays, while the Eslami-Fellenius chart succeeded in identifying most of them.
The theoretical solutions of the classification parameters were deduced based on cavity
expansion theory in modified Cam clay. The results indicated that when M was
increased by the interaction between montmorillonite and ions, Qt, Fr in SBTn clas-
sification was remarkably influenced, leading to an offset away from sludge zone on the
classification chart. However, the parameters used in Eslami-Fellenius chart was
slightly affected so that the classification was generally accurate. Thus, pore water
salinity effect of marine clay should be taken into consideration while processing
in-situ test results in order to get a proper understanding of the clay properties.
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Abstract. This paper presents analysis and interpretation of monitored vertical
settlements and pressures of a rehabilitated bridge approach slab located in
Johnson County, Texas. Four horizontal inclinometer casings and pressure cells
(equipped with thermometers) were installed at the test site during the rehabili-
tation process. In this paper, collected data from the inclinometers, pressure cells,
and thermometers were employed in an attempt, to understand the effect of
climate changes on the vertical settlements and pressures of the approach slab. It
has been observed that with an increase in temperature, the bridge structure
enforced the movements of the geofoam blocks causing vertical settlement.
Whereas, the bridge structure movements after a temperature decrease, induced
vertical swelling at the top of the geofoam blocks. The pressure cells that were
installed at the top and bottom of the geofoam embankment revealed that the
stresses observed at the top of the geofoam were significantly reduced. Also, the
pressure cells installed at the sides of the bridge and geofoam structure to eval-
uate the lateral pressure response lost contact and provided negative results. The
loss of contact can be a response to the movement of the structure with respect to
thermal changes in the structure. This research highlights the important obser-
vations of a bridge structure and its approach soil-geofoam embankment
movements with respect to temperature and precipitation variations.

Keywords: Climate changes � Vertical movements � Swelling
Settlement

1 Introduction

The differential settlement between bridge approach and bridge deck, also known as
‘bump phenomenon’ is a common problem faced by approximately 25% of the
600,000 bridges across the United States [1, 2]. Millions of dollars are spent annually
in an attempt to repair these bridges [1]. Recent studies on bridge infrastructure
demonstrated that more than 28 states in the United States use an approach slab as an
interface to the pavement and bridge deck. In a survey conducted in Texas, it was
estimated that it costs annually more than 100 million dollars for the Texas Department
of Transportation (TxDOT) to repair the bridges with bump problem in Texas [3–5].
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Several researchers have tried to determine the probable causes of bump phe-
nomenon at bridge approaches [3, 6–19]. Based on the previous literatures, the primary
factors causing the approach bump problem include consolidation settlement of
foundation soil, poor embankment soil compaction close to the bridge approach, poor
drainage system and soil erosion due to the age of the bridge, types of bridge abutment,
and traffic volume.

In the past decade, extensive studies were performed to identify the causes of the
bump phenomenon and several techniques have been proposed to mitigate the problem
[8, 9, 12, 14, 15, 20–22]. Some of the widely-accepted techniques to resolve differential
settlement problem include excavation and replacement, deep soil mixing (DSM)
column, geosynthetic reinforcement, mechanically stabilized earth (MSE) wall, effec-
tive drainage, and erosion control method and use of lightweight materials to decrease
the effective overburden pressure.

Thermally induced displacements generally occur at integral abutment bridges due
to seasonal temperature changes [23–29]. These long-term deformations mainly take
place because of the continuity of superstructure and substructure of bridges with
integral abutment systems and can make a progressive contribution to accelerating the
development of bump phenomenon. As per the seasonal temperature variations, lateral
interaction at the studied bridge structure and the integrated hybrid soil-geofoam
approach embankment system was monitored and presented.

In this research study, lightweight geofoam blocks were used in place of the top
1.83 m (6 ft) of the soil in order to reduce the approach slab-bridge deck differential
settlement. The geofoam blocks despite being 100 times lighter than the soil, can
provide comparable strength and stiffness properties as soils. Effect of temperature and
precipitation was studied to monitor the performance of a Geofoam-soil hybrid system
installed at a site which was facing the menace of the “bump phenomenon”. The
following sections provide the details of the instrumentation and analysis.

2 Site Description

The US 67 bridge over SH 174, located at Johnson County, Cleburne, Texas was
constructed in 1995. The approach slab was constructed on the 12.2 m (40 ft) mod-
erately high plastic clay embankment which was laterally supported by concrete
retaining walls. More than 406.4 mm (17 in.) settlement was experienced by the
approach slab over a period of 16 years. Excessive settlement happened primarily due
to the consolidation settlement of the embankment soil, insufficient compaction of soils
near the abutment and erosion [11]. During this period, several soil improvement
techniques include soil nailing, grout injections, and hot mix overlays were tried but
none of the applied techniques were found to be effective to mitigate the differential
settlements at the bridge approach slab.

In January 2012, the Texas Department of Transportation (TxDOT) replaced the
top 1.83 m (6 ft) of the embankment soil by the lightweight EPS 22 Geofoam. In order
to monitor the long-term vertical deformations of the Geofoam layer under diverse
environment and loading conditions, four horizontal inclinometer casings (US67 -1,
US67 -2, US67 -3, US67 -4) were installed on the top of the Geofoam layer during the
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construction. Data monitoring in two years depicted a differential settlement of less
than 38.1 mm (1.5 in.). This was considered as the allowable design settlement to
evaluate long-term performance of the rehabilitation technique [11]. In addition, four
pressure cells were installed at the top and bottom of the Geofoam layer to assess the
lateral and vertical pressures transferred to and from the EPS Geofoam layer respec-
tively (see Fig. 1). Figure 1(a) and (b) presents the pressure cells installed on top and
bottom of the geofoam blocks for monitoring vertical pressures that were transferred
from pavement layers. Whereas, Fig. 1(c) and (d) depicts the pressure cells installed
laterally on the retaining wall and attached to the Geofoam blocks to monitor the lateral
pressure that is subjected onto geofoam blocks. The laterally installed pressure cell at
the top side of the bridge structure and geofoam interface as shown in Fig. 1(c) showed
occasional negative values. This led us to analyze the role of thermal expansion and
contraction of the bridge structure on the Geofoam material.

3 Data Analysis and Interpretation

The data of two pressure cells installed vertically at the top and bottom of the Geofoam
blocks were used to analyze the performance of the Geofoam layer under dynamic
traffic loadings, temperature variations, and precipitation. Figure 2 shows a typical
monthly (a) and daily (b) pressure diagram at the top and the bottom of the Geofoam
layer for a given month and day respectively.

The recorded pressures include the dynamic traffic loading in addition to the static
overburden pressure of 0.61 m (2 ft) rigid pavement. A significant decrease of the
average pressure from the top (35.8 kPa) to the bottom (12.4 kPa) of the Geofoam
layer is evident from both plots (Fig. 2(a) and (b)). However, no time-dependent
viscous behavior can be observed under the combination of static and dynamic load-
ings in the either plots. Although Geofoam material has good damping characteristics,
it was observed that the amplitude of recorded pressure by the bottom pressure cell was
higher than that recorded by the ones at the top (Fig. 2(a)). This can be attributed to the
stronger pressure cell rigid soil base at the bottom as opposed to the Geofoam blocks at
the top.

Fig. 1. Four pressure cells installed on the top and bottom of the geofoam layer
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3.1 Influence of Temperature Variation on Lateral Pressures

The temperature and pressure data were collected from the installed pressure cell
(equipped with the thermometer) at the top side of the geofoam layer and the bridge
structure interface (retaining wall). Because of the integral bridge-approach embank-
ment system of the infrastructure, thermally induced lateral pressure interaction was
recorded at the bridge and the approach embankment interface. Figure 3 shows the
variation of temperature and pressure versus time at the top of the Geofoam layer. In
the following plots, the left vertical axis represents the temperature variations and the
right vertical axis depicts the lateral pressure changes. It should be noticed that both
parameters (temperature and lateral pressure) were recorded simultaneously each
15 min’ time intervals. It can be observed from the Fig. 3 that a consistent trend of
lateral pressure variations was observed with change in temperature for the years 2012
and 2013. From January 2012, the lateral pressures increased gradually with the rise in
temperature till the end of June 2012 and reached their peak magnitudes (see Fig. 3(a)).

As long as the retaining wall and the Geofoam layer were in contact, the lateral
dynamic response to the traffic loading was amplified. Whereas, with a slight decrease
in the temperature in July 2012, a rapid drop in lateral pressures was recorded which
finally reached negative values at a temperature of 28.8 °C. In other words, with a
decrease in temperature, bridge started to move back to its initial position. However,
the difference in thermal induced stress-strain behavior of the concrete and Geofoam
materials caused a quick decline on the lateral pressures in July 2012. Figure 3(b),
shows a similar trend of the lateral pressure fluctuations with the seasonal temperature
variations for 2013. This pattern reveals important information about the physical
interaction between the bridge structure and the geofoam layer due to the seasonal
temperature changes.
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Fig. 2. (a) Typical monthly and (b) daily vertical pressures
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3.2 Influence of Temperature Variation on Vertical Pressures

This section presents the influence of temperature variations on the vertical pressure at
the top and bottom of the Geofoam layer. The temperature variations recorded by the
top pressure cell was negligible since the vertically installed pressure cell was wrapped
in geomembrane and embedded in the Geofoam, a material with negligible thermal
conductivity (see Fig. 1a). Therefore, the variation in the recorded pressure data was
due to the dynamic traffic loading rather than changes in temperature. However, the
pressure cell at the bottom of the Geofoam layer (see Fig. 1b), has recorded reasonable
temperature variations.

Figure 4(a) and (b) depicts vertical pressure changes and deformations corre-
sponding with the thermal fluctuations at the bottom of the Geofoam layer. The
behavior of Geofoam under the seasonal temperature changes can be better assessed at
the soil-Geofoam interface due to the thermal insensitivity of the soil. Hence, a similar
trend was observed for both vertical pressure change and temperature variation at the
bottom of the Geofoam layer (see Fig. 4a and b). The effects of seasonal temperature
variations were also studied on the collected vertical deformations at the top of the
Geofoam blocks (Fig. 4(b)). It was observed that by increasing the temperature, set-
tlements were raising up and by decreasing the temperature, swelling behavior was
observed in the average vertical deformations.

3.3 Precipitation Effect

This section presents the effect of precipitation on the vertical settlements obtained
from the inclinometer data. Precipitation data were obtained from database recorded
from U.S. Climate Data. Figure 5 presents the precipitation data for 2012 and 2013.
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Preliminary analysis of the data showed no immediate effect of precipitation on the
vertical deformations in two years. This could be due to the very low permeability of
the high plasticity clayey soil present in the embankment. A close study on the plots
depicted the swell and shrink cycles after heavy rainfall and dry periods respectively
[30]. However, a more detailed analysis is required before attributing the effects of
precipitation on vertical deformation.
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4 Conclusion

• Vertical pressure cell data at the bottom of the Geofoam shows a considerable
decrease in the average vertical pressures. This is due to the stress absorption of the
geofoam material. The dynamic response from the traffic loading was studied,
where the stress amplitude was increased due to the stronger rigid soil base at the
bottom as opposed to the Geofoam blocks at the top.

• Analysis of the seasonal temperature variation on vertical deformations and lateral
pressure showed that the Geofoam blocks were laterally pushed by the thermal
expansion of the bridge structure. Also, it has been observed that the variation in the
vertical deformation was consistent with the temperature variation.

• The effect of the precipitation data on the vertical settlement was studied for two
years and no immediate effect was observed. This could be due to the low per-
meability of the embankment soils present in the considered test section and also the
geomembrane wrapped around the geofoam block which provides an impermeable
interface.
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Abstract. Active MASW survey is a promising method of the recent days to
evaluate the stiffness of the subsurface strata. Active MASW is largely depen-
dent upon the energy generated from an active source. This paper describes the
influence of source characteristics on the resolution of dispersion images and the
depth of investigation. Higher is the applied energy, larger is the wavelength
generated, and hence, larger is the depth of investigation. The efficacy of
application of a low-weight sledgehammer in obtaining larger investigation
depths with the aid of dispersion image stacking is reported. It is observed that
larger depths of investigation can be achieved by 10 kg sledgehammer records
stacked for 3-times, equivalent to single shot from 40 kg PEG.

Keywords: Active MASW � Strike energy � Resolution � Dispersion image

1 Introduction

Multichannel Analysis of Surface Waves (MASW) is a trending non-invasive seismic
method which utilizes a multi-receiver approach for identifying the subsurface strati-
fication in terms of the variation of shear wave velocity with depth. The technique
operates on the dispersive characteristics of the propagating waves, where each fre-
quency component (f ) of the propagating waves possess different propagation velocity
(or, the phase velocity, C). The dispersive nature of the propagating waves is used to
infer the elastic characteristics of the substrata. One of the most prominent factors that
govern the dispersive nature of the surface waves is the type of input energy source.
Since the evolution of MASW [1], sources of seismic waves were classified as active
and passive [1, 2]. It is shown that for the impulsive active sources like sledgehammer
and weight drop, more than 2/3rd of total seismic energy is imparted into Rayleigh type
surface waves [3]. The use of 8 kg sledgehammer to obtain the raw record was reported
earlier by Park et al. [1]; since then, the sledgehammer has been used as an active
source by several practitioners and researchers [4–6]. Apart from the sledgehammer,
various other types of sources, such as heavier weight drops, has been reported to be
used [7, 8], which led to larger depth of investigation. However, in many cases, the use
of heavy weight drops failed to be economical or practical, owing to the shortcomings
of its portability and ease of operation. As MASW survey became popular, new type of
sources have evolved such as the vibrators [9, 10] and rubber-aided weight drops [11].
The impact of use of different weight of hammers such as 5 kg, 10 kg and Rubber

© Springer Nature Singapore Pte Ltd. 2018
L. Hu et al. (Eds.): GSIC 2018, Proceedings of GeoShanghai 2018 International Conference:
Multi-physics Processes in Soil Mechanics and Advances in Geotechnical Testing, pp. 419–427, 2018.
https://doi.org/10.1007/978-981-13-0095-0_47

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_47&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_47&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0095-0_47&amp;domain=pdf


aided weight drop (RAWD) on the resolution dispersion image obtained from active
MASW survey has been explained by Park et al. [11]. The uncertainty and bias
associated with MASW dispersion estimates obtained from both impact and harmonic
sources, has been reported by Wood and Cox [12]. With the passage of time, explosive
dynamites and gunfiring have also been used as active sources [13, 14]. A special SR-II
(Kangaroo) source has also been referred by Neducza [15], having a weight of 80 kg,
which is operated by a blank 12-bore shotgun cartridge, fired by an electric starter
device. Though there are lot many different type of sources introduced over the time,
there are little details available regarding the influence of power spectrum of the source
type on the resolution of obtained dispersion image. Stacking is the process of sum-
ming up the wavefield or dispersion images, resulting in the enhancement in the
signal-to-noise (SNR) ratio by the square root of the number of repetitions [16].
Stacking of dispersion images has also proven to have significant impact on the res-
olution of the dispersion images [2, 16, 17].

Active MASW survey with various combinations of data acquisition parameters,
considering 1 m inter-receiver spacing and 4 m offset distance, was conducted at the
IIT Guwahati campus, to check the influence of source type (10 kg sledgehammer and
40 kg PEG) on the resolution of dispersion image. The aim of this article is to rec-
ommend some guidelines regarding the application of low-weight source types for
generating good resolution dispersion images from an active MASW survey.

2 Experimentation Program

The present article is based on active MASW tests conducted at the Cricket ground
near Siang Hostel at the IIT Guwahati campus (Fig. 1). As per the already conducted
Standard Penetration Tests (SPT), the site is characterized with soft soil up to a depth of
nearly 15 m. Based on the SPT-N values recorded at the site, the approximate shear
wave velocity along the depth was observed in the range of 80–200 m/s.

Figure 2 highlights the schematic diagram of Active MASW survey conducted in
the field. In general, seismic waves generated from impulse hammer strike travels
through soil substrata, and are recorded by a linear array of geophone receivers, which

Fig. 1. Location of the test site Fig. 2. Schematic of Active MASW Survey
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are connected to a Data Acquisition System (DAQ). In the present study, 24 channels
of 4.5 Hz geophones were used to record the seismic signals generated by 10 kg
sledge-hammer or 40 kg Propelled Energy Generator (PEG). The equipment used in
the present study is shown in Fig. 3.

3 Dispersion Analysis, Dispersion Image and Its Resolution

Dispersion analysis is the first step of data processing in MASW method. The aim is to
obtain a dispersion curve, based on which the inversion process is carried out to obtain
a shear wave velocity profile. The dispersion image is defined as the plot between the
phase velocity and the frequencies, having a dominating fundamental mode. In MASW
approach, first, an image space is constructed accounting for the multimodal influence,
from where the dispersion characteristics are identified as the patterns of energy
accumulation in the space. The necessary dispersion curve is extracted from imaging
trends. In this imaging technique, a multichannel record in time (t)-space (x) domain is
converted into either the domains of frequency (f )-wavenumber (Kx), or the frequency
(f )-phase velocity (Cf). The f-k method generally results in the lowest resolution in
imaging, while the phase-shift method provides images of highest resolution [18]. The
resolution of dispersion images can be quantified based on the bandwidth of the dis-
persion curve. The resolution of a dispersion image is defined as the extent of resolving
the image along both the velocity and frequency axes [19]. The resolution of surface
wave dispersion depends on the field data acquisition parameters [7]. Optimized field
parameters have been proposed to obtain the high resolution dispersion image.
A background literature survey reveals that good resolution dispersion image indicates
a distinguishable dispersion curve, with clearly recognizable fundamental and/or higher
modes encompassing a sufficiently wide frequency band. Based on the highest energy
accumulation at fundamental mode, the image should exhibit narrow bandwidth of the
energy, so that dispersion curve extraction becomes simpler. There are various
parameters that affect the resolution of dispersion image such as data processing
parameters (offset, receiver spacing and source used) and data pre-processing param-
eters (filtering and muting) [20–23]. This article describes the effect of active source on
the resolution of the dispersion image, and subsequently set up a guideline to obtain the
best possible resolution from a qualitative perspective.

Fig. 3. Equipments of active MASW survey: (a) Sledgehammer, geophones, connection cables
and base plate (b) Propelled Energy Generator (c) DAQ using MAE seismograph
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4 Results and Discussion

4.1 Influence of Energy Source

A seismic source generates both surface and body waves upon its impact on the ground
surface. The impact energy is directly related to the generated range of wavelengths of
surface waves, which determines the largest depth of investigation (Zmax). A powerful
source is inadvertently required to increase the maximum investigation depth (Zmax).
A sledge hammer, having weight greater than 10 kg, is commonly used impact source
for achieving Zmax � 30 m. An accelerated weight-drop source can increase Zmax by
30% under the most favorable conditions. A projectile source, such as Buffalo Gun,
increases Zmax by generating long wavelengths (low-frequency) containing more en-
ergy. The selection of such impact sources used in MASW survey is also governed by
its convenience in use and regulation issues. Table 1 lists different sources commonly
used for the conduct of an active MASW.

The energy of impact sources can be calculated based on the delivered kinetic
energy upon impact. The kinetic energy is estimated as 0.5 mv2 (in J) (m - mass of the
source in kg, v - velocity of fall of the impact weight in m/s). As an example, if the
velocity of fall of impact hammers is 10 m/s, the typical kinetic energy for a 10 kg
sledgehammer is 250 J, while that of 40 kg PEG would be 2000 J.

In active MASW survey, the source has to produce surface waves with a high
signal-to-noise ratio (SNR) in a wide frequency band. This task of obtaining the same
in the low frequency ranges of the significant frequency band is difficult, thus limiting

Table 1. Details of the various sources of MASW

Source Maximum depth (m) Type of active energy

Sledgehammer (10 kg) 20–30 Impulsive
PEG (40 kg) 50 Impulsive
Electromechanical shaker Varying depth Both harmonic and random
Bulldozer (in tons) 100 Semi-impulsive
Blast Varying depth Strong impulsive

Fig. 4. Typical dispersion images from a single impact (a) 40 kg PEG (b) 10 kg sledge hammer
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the resolution of the larger investigation depths. Inadvertent to the type of active source
used, the spectral power distribution over the frequency band is primarily site depen-
dent. The spectrum of the source is related to the frequency content of the signal;
however, the site of investigation plays a dominant role in altering the spectrum of the
propagating signals. Different sites exhibit different frequency bands with spectral
energy concentrations.

The use of an impact source is depends upon the desired depth of investigation. It is
highly necessary that the signal contains enough low frequency content so that larger
penetration depth can be achieved. Figure 4 depicts typical dispersion images obtained
from a single shot of impact hammers. It can be observed that in comparison to the
dispersion image produced from a single shot of 10 kg sledgehammer, the same
generated by a single shot of 40 kg PEG comprises of significant energy in the low
frequency ranges. The weight of the hammer conditions the frequency content of the
generated pulse. Thus, a relatively lighter hammer mostly generates high-frequency
waves, thus revealing only shallow depth characteristics.

Figure 5 exhibits typical power spectrum obtained from a single shot of impact
hammers. A single shot of 40 kg PEG has recognizably more energy than that gen-
erated by a single 10 kg shot. The presence of high energy at lower frequencies makes
the 40 kg PEG suitable enough to provide deeper sub-strata information.

The technique of stacking is used to combine the dispersion images developed from
different strikes to obtain a resulting dispersion image having higher energy at different
frequencies. In this process, even the energy associated with lower frequencies gets
radically increased, thus providing shear wave velocity profiles for larger depths.
Figure 6 exhibits the results of dispersion image stacking obtained from the 10 kg
sledgehammer shots. The dispersion image exhibits more distinctness with increasing
stackings.

Fig. 5. Power spectrum of the signals obtained from a 10 kg sledgehammer and 40 kg PEG
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In general, if it is assumed that the velocity of fall of hammer is identical for both
the impulsive sources in consideration, the potential energy of a single shot of PEG
exceeds the same obtained for 10 kg sledgehammer by nearly 3–4 times. Thus,
stacking of dispersion images from multiple shot gathers of a comparatively lighter
sledgehammer will lead to dispersion images with higher energy. Figure 7 shows near
similar dispersion images (in terms of energy distribution along significant frequencies)
obtained from a single shot of PEG and 3-stacked shots of the sledgehammer. Simi-
larly, Fig. 8 shows that the Vs profile obtained from the above-stated considerations are

Fig. 6. Dispersion images obtained from stacking of 10 kg sledge hammer records for (a) No
stack (b) Single stack (c) Two stacks (d) Three stacks

Fig. 7. Comparison of typical dispersion image obtained from (a) Single strike of 40 kg PEG
(b) 3-stacked 10 kg sledge hammer record
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in appreciable agreement. Thus, it can be stated that the energy content of the dis-
persion image generated from a single shot of 40 kg PEG is appreciably equivalent to
the same obtained from 3–4 stacks of sledgehammer records. This ensures the appli-
cability of a comparatively lighter sledgehammer in harnessing the information of
deeper substrata using multiple shots by using dispersion image stacking. It can be also
seen from Vs profile that the depth of investigation obtained from one single PEG
(*48 m) record is more than the depth obtained from borehole (*22 m) and from one
single sledgehammer record (*12 m).

5 Conclusions

An attempt was made to understand the influence of source energy on the resolution of
dispersion image obtained from active MASW surveys conducted on site condition
having Vs in the range of 80–200 m/s. The following conclusions are drawn based on
the present study:

• A heavier weight source (e.g. 40 kg PEG) leads to larger depths of investigation
than a 10 kg sledgehammer.

• Impact energy from one 40 kg PEG record equals 3–4 stacked 10 kg sledgehammer
records.

• Stacking increases the resolution of the dispersion images and the depth of
investigation.
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Abstract. The Philippines, an archipelago of more than 7,100 islands, and with
a population of more than 100 million, is one of the counties most exposed to
seismic hazards, being located in the Circum-Pacific Ring of Fire. It is also
identified as one of the top 10 countries worldwide which are most vulnerable to
the effects of climate change.
With a climate generally characterized by predominantly rainy season, many

areas of high altitudes and characterized by thick residual soils and highly
weathered rocks are highly susceptible to rainfall-induced or earthquake-induced
slope failures. These failures may occur in populated areas without warning; thus,
increasing the risks to the communities and essential utilities.
This paper presents the long list of the various geohazards in the Philippines,

current efforts in the development of GIS-based regional hazard maps, and the
current practice of conducting engineering geologic and geohazard assessment
(EGGA) for critical projects – as part of disaster mitigation and risk reduction
strategies. In few critical projects, geotechnical monitoring has been employed.
A case study involving the development of a slope monitoring program and

early warning system for a power generation facility in the Philippines shall be
presented. Monitoring equipment were installed, aimed at detecting slope
movements and increase in pore water pressures – which became the basis for
work suspension and evacuation of personnel working on or near slopes. The
monitoring program proved to be effective as impending failures were detected,
and the projects were completed without serious incident.

Keywords: Instrumentation � Geotechnical monitoring
Landslide mitigation � Risk reduction

1 Background

Roughly 90% of all seismic activities occur along a 40,000 km long horseshoe-shaped
stretch called the Pacific Ring of Fire. This area consists of 452 volcanoes running
along the southern tip of South America, Alaska, Japan, Philippines, and New Zealand.
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The Pacific Ring of Fire contains about three-fourths of dormant and active volcanoes
in the world.

The Philippines, an archipelago of more than 7,100 islands, is one of the countries
most exposed to seismic hazards. The country has 23 active volcanoes, 21 of which
have historical eruptions according to the Philippine Institute of Volcanology and
Seismology (PHIVOLCS). As a result, the country frequently experiences catastrophic
events due to seismic and volcanic activities such as liquefaction, landslide and debris
flow.

Aside from seismic and volcanic activities, other factors influence the susceptibility
of the Philippines to such catastrophic events. With a climate generally characterized
by predominantly rainy season, high amount of precipitation is experienced by the
country year round, with strong typhoons occurring frequently, with an average of 20
typhoons per year passing through the Philippine Area of Responsibility (PAR). The
highly-altered geologic formation of the Philippines also influences the hazards.

2 Hazard Mitigation and Risk Reduction

2.1 Risk Assessment

Risk is a function of three parameters: hazard, exposure and vulnerability. Hazard is a
threat that can cause loss of life or damage to property. In the case of mountainous
regions of the Philippines, the most common type of hazard is landslide.

Exposure refers to elements which have to confront a hazard. Exposure may be in
terms of infrastructures and facilities - such as access roads, bridges, pipelines or
buildings - and people, in the case of motorists travelling along access roads or
occupants of buildings. Vulnerability refers to the capacity of a structure or facility, for
example, to survive a hazard. Essential facilities located far from a slope are less
vulnerable than those found along the base of a slope. Risk may be classified as low,
moderate or high after taking into consideration the consequence of failure.

2.2 Risk Rating

Considering the three parameters of risk, the following ratings were generated, gen-
erally applicable for infrastructures exposed to landslide risk:

Low Risk is defined as an inconvenience that is easily corrected, not directly
endangering lives or; Moderate Risk is defined as a more severe inconvenience, cor-
rected with some effort, but not usually directed endangering lives or structures when it
occurs; High Risk is defined as complete loss of roadways, important structures or
complete closure of the way for some period of time. Lives are endangered during
failure.

2.3 Disaster Risk

Since hazards are only threats that can cause loss of life or damage to property, it
becomes a risk if two other parameters are present: exposure and vulnerability (Fig. 1).

Application of Geotechnical Monitoring (Slope Monitoring and Early Warning System) 429



2.4 Risk Objects

The three objects of risk are property, way of life and life. Their elements are subjective
depending on the value system of the person, party or entity. For this risk assessment,
the element of life pertains to the people; way of life pertains to the health status, public
safety, livelihood, service, social and economic order and environment; property
involves assets, physical structures, technical facility and system and land.

2.5 Disaster Risk Mitigation

Figure 2 presents the Disaster Management Steps that are taken to ensure the safety of
life, way of life, and properties. Response refers to the emergency services and
assistance rendered during or immediately after disasters. This is done to assess the
disaster, to plan and pursue further actions. Rehabilitation, on the other hand, is to
restore and improve the affected facilities, structures and/or livelihood of affected
communities.

Adapting to the natural environment such as site planning to anticipate potential
problems is a proactive approach. An important part of the Disaster Management is
mitigation, which can either be structural or non-structural in nature. These engineering
measures reduce and/or prevent future damage related to hazards and disasters.

Fig. 1. Disaster risk parameters

Fig. 2. Disaster management steps
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3 Hazard Mitigation and Risk Reduction

Instrumentation system for early detection of slope failure and monitoring of move-
ments is essential in areas near essential facilities, and places where communities are
exposed to slope-related geotechnical hazards. Slope monitoring through various
instruments will be able to provide quantitative data on in order to constantly measure
slope movements and thereby assess the stability of a slope. Lastly, it could help detect
early signs of impending slope failure and can even send warning when the threshold
parameters are exceeded.

The instruments used for slope monitoring measure several parameters that may be
used to calculate the stability of the slope. The commonly measured parameters in
slope monitoring are porewater pressure, deformation (directional and rotational), soils
and rock stresses, temperature, and vibration.

Slope monitoring instrumentation systems may be classified into two groups,
namely: contact and remote monitoring. The more traditional approach is the contact
monitoring. It requires the instruments to be installed directly in the ground, either on
the surface and/or at a certain depth below the surface.

In contrast, remote monitoring can collect data based on sensors installed far away
from the site monitored. Some instruments may be partially remote such as sensors still
required to be installed on the ground, but with considerable distance from the site
monitored. Accordingly, fully remote instruments are available wherein no instruments
are installed on site. Examples of different instruments used for remote monitoring are:
Terrestrial Interferometric Synthetic Aperture Radar (TInSAR), and Light Detection
and Ranging (LiDAR).

Remote monitoring will have no interaction with the ground or structure. While
remote monitoring would have the advantage to cover a more extensive area of study
and capability of increasing of the spatial information density, it would reduce the local
precision of the monitoring point.

Usually, for sites with relatively small area/s of concern, it would be more practical
to use the traditional contact monitoring. The case study presented in the next section
utilized contact monitoring instrumentation system as early detection and monitoring
system.

4 Case Study: Development of Monitoring Program as Early
Warning System

4.1 Instrumentation

The monitoring instrumentation system used in the case study at a facility in the
Philippines is composed primarily of data logger, MEMS tilt meters, soil moisture
sensors, rain gauge, and an alarm.

Data logger is a device that records and stores data at a period of time. These data
come from the external instruments and sensors attached to the logger. A computer
connected to the data logger can view and process the collected data using a software.
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MEMS tilt meters are instruments used to measure small and sudden movements or
changes (in degrees) on the slope in terms of vertical and horizontal level. Tilt meters
can measure up to ±15° tilt from vertical.

Soil moisture sensors measure the volumetric water content (in percentage) of the
soil. These sensors monitor the saturation level of the slope at an approximate radius of
20 mm around the sensors.

Rain gauge (tipping bucket) is an instrument used to measure the amount of rainfall
(in millimeters) in a period of time. Each tip on the rain gauge is equivalent to
0.254 mm rainfall.

An alarm is a device that activates when the data transmitted by the tilt meter
exceeded the threshold values set for the said instrument.

4.2 Methodology

Installation of Monitoring System. One (1) data logger, two (2) tilt meters, three
(3) soil moisture sensors, a rain gauge, a solar panel and an alarm are installed at the
site of the study.

Data logger is placed in a temporary shelter, distant enough from the slope, to
protect the logger from falling off and getting wet due to rainfall. Tilt meters and soil
moisture sensors are installed at different locations (top, middle, and bottom portions)
of the slope.

Tilt meters are attached to an angle steel bar which is embedded at the ground for
stability. The orientation (x-axis, y-axis, and z-axis) of the tilt meters are properly set.

Soil moisture sensors are implanted completely deep enough (*0.5 to 1.0 m) from
the ground surface. The rain gauge, solar panel, and the alarm are installed near the
temporary shelter and the data logger. Rain gauge is elevated from the ground to collect
rainfall properly.

All the instruments and sensors are then connected to the data logger by wires/cables
and were calibrated to set the values to zero (0). This is to ensure the accuracy of the
data to be recorded and collected (Fig. 3).

Fig. 3. Schematic diagram of the monitoring system
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Monitoring Works. Monitoring of the slope is conducted on a daily basis. Prior to the
daily monitoring, an initial 14-day monitoring (first phase) is conducted to derive the
threshold values stated in the following subsection. Data are collected and analysed
twice a day – one in the morning and one in the afternoon.

Data are presented graphically with corresponding interpretations. These are the
basis for any work suspension and evacuation of staff working on the slope.

Threshold Values. Threshold values are set at the data logger for each of the
instruments (Table 1). These are the basis of warning that a slope failure may poten-
tially occur.

The threshold value for the rain gauge are based on the rainfall advisories of
Philippine Atmospheric, Geophysical and Astronomical Services Administration
(PAGASA). Three categories are included in the rainfall advisories; yellow warning
(7.5–15 mm/2 h), orange warning (15–30 mm/2 h), and red warning (>30 mm/2 h).
The monitoring system adopted the orange warning in which intense rain is observed
and flooding is threatening.

For the soil moisture sensors and tilt meters, the threshold values are established
based on the initial trend of the data on the 14-day monitoring. In case the threshold
values for the soil moisture sensors were exceeded, resumption values are established
to ensure that the area is generally safe before any work resumes.

4.3 Results and Findings

Based from the monitoring and analyzing of data, there are the instances where col-
lected data exceeded the threshold values for any of the instruments.

One good example is the rainfall, and soil moisture data collected for four
(4) consecutive days, from January 15 to 19, 2017, as shown in Fig. 4. During the first
12 h (January 15, 2017, 12:00 PM to January 16, 2017, 12:00 AM), accumulated
amount of rainfall for any 2-h interval within the time period did not exceed the
threshold value of 15 mm/2 h. Moreover, the soil moisture contents recorded for the
three sensors did not exceed their corresponding threshold values.

However, during the succeeding hours (January 16, 2017, 12:00 AM onwards), the
accumulated amount of rainfall per 2-h interval exceeded the threshold value of
15 mm/2 h. These increase of amount of rainfall can also be validated by the increase
of values of the moisture sensors, which also exceeded their corresponding threshold

Table 1. Threshold values for each instrument

Instrument Threshold

Rain gauge 15 mm/2 h
Soil moisture sensors SM 1 14.00%

SM 2 33.00%
SM 3 23.50%

Tilt meters >0.25% or <–0.25%

Application of Geotechnical Monitoring (Slope Monitoring and Early Warning System) 433



values. The sudden increase of the values is largely due to the continuous rainfall
caused by a tropical depression.

As for the tilt data along both x and y axis (Figs. 5 and 6), the threshold values of
>0.25 or <–0.25 for the tilt, are also exceeded two (2) days after the recorded excee-
dance for the rainfall, and moisture content values. The data showed that there are
sudden increase in the tilt values, which is an indication of a slope movement.

Prior to the sudden increase in tilt values, the graphs show that there are no (or
minimal) changes/variations on the tilt data indicating that the slope is stable at that
period of time.

Fig. 4. Rainfall, and soil moisture content data for four (4) consecutive days

Fig. 5. Tilt data along x-axis for the two (2) tilt meters
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True enough, a landslide occurred at the site which is a good validation of the data
recorded. Slope works are recommended for suspension during the day threshold
values exceeded and three (3) days following the exceedance.

Generally, the results and findings are used as the basis for any work suspension on
the slope.

5 Conclusion

The paper presents the case study involving a slope monitoring system which was
successfully implemented as an early warning system on an area with critical slopes.
A 14-day monitoring program (first phase) was conducted to establish the threshold
values. It also aimed at ensuring the general safety of personnel working on or near the
slopes.

The threshold values initially established was deemed appropriate since landslides
occurred when the threshold values were exceeded. Moreover, based on the data
gathered, further analysis and evaluation is warranted to further optimize the threshold
values, while ensuring safety along the slope.

Fig. 6. Tilt data along y-axis for the two (2) tilt meters
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Abstract. Based on Laser Scanning Technology (LST), a data processing
method is proposed to automatically visualize the tunnel cross sections and
collect deformation information. In this method, Cartesian coordinates of each
data point are transferred to polar coordinates, and two-dimensional tunnel cross
sections can be extracted from three-dimensional point cloud data obtained by
LST. The tunnel deformation is calculated by subtracting radius vectors of
deformed cross section from design cross section and visualized through
adjustable deformation factors. The deformation data at arbitrary azimuthal
angles could be gained with an accuracy of 0.1 mm. To achieve the ideal cal-
culation accuracy and ensure visualization performance, a novel algorithm
adopting point discretization and regeneration technique is developed to auto-
matically detect and treat the noise and discontinuity points from the point cloud
data. While the traditional data processing methods could only handle a specific
type of tunnel cross section, the proposed method by us is able to deal with
arbitrary shapes of tunnel sections as long as three-dimensional cloud data are
available. The results show that the proposed method could provide accurate
deformation data with high data processing efficiency for monitoring the defor-
mation of tunnel cross sections in laboratory, and potentially for real-life tunnels.

Keywords: Laser scanning technology � Data processing
Tunnel cross section

1 Introduction

Measuring tunnel segment deformation is essential for engineers to evaluate the safety
of tunnel structure so as to adjust design and construction parameters as well as for
researchers to acquire tunnel mechanical behaviors. Traditionally, total station is used
to measure tunnel segment deformation for accredited precision. However, this method
is particularly time-consuming especially when it comes to large-scale projects or
experiments. Total station measurement, which is also known as ‘single point mea-
surement’, indicates it delivers only a set of points that can be monitored in the limited
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frame available for the measurements [1]. Therefore, if there are a large amount of
points to be measured, the labour and time cost would be unbearable and the mea-
surement would almost be unrepeatable for big data. Digital photogrammetry is another
widely applied technique, but this technique requires sufficient lighting conditions and
texture on the objects surface [2, 3], requirements that cannot be guaranteed in tunnel
construction projects. Due to these shortcomings of total station and digital pho-
togrammetry, in recent years, terrestrial laser scanning (TLS) technique is drawing
increasing interests for its advantages of non-contact, rapidity, high accuracy and large
scale [4]. As described in Ref. [5], static or mobile scanning systems have been used to
compare the measured construction to a fitted surface. TLS is a method of recording
large quantity (up to million) of three-dimensional points’ positions with a high speed
(up to 1 million points per second). Using TLS, instead of the deformation of sparse
sample points on the surface, engineers and researchers could obtain the overall
deformation of object to be measured by analyzing the recorded point information (also
called point cloud data).

Since the points cloud data could be extremely large, it is quite important to
develop algorithms to process and visualize them efficiently and automatically. Recent
improvements regarding the speed, accuracy, software algorithms and the fall in price
have introduced a high potential for large scale applications of this technology in
highly demanding engineering environments such as tunnels [6]. The use of TLS in
drilling and blasting tunnels and corresponding algorithm have been proposed [7].
It shows that the TLS system makes it possible to remotely acquire detailed rock mass
and excavation information with a high speed without disrupting construction. Another
method is an automatic method for extraction of tunnel cross sections using TLS [8].
The algorithm converts three-dimensional point cloud data acquired by TLS to
two-dimensional planar images and achieves ideal accuracy at the same time.

Although the approaches mentioned above have shown satisfactory performance in
practice, they can only handle one specific type of tunnel cross section, which severely
limits their application. The aim of this study is to develop a novel method to process
three-dimensional cloud data of arbitrary cross section automatically with high effi-
ciency. Firstly, the methodology to extract tunnel deformation contour from three-
dimensional cloud data as well as to treat noise and discontinuous points is elucidated.
Then a designed Graphical User Interface (GUI) which could display the deformation
data at any polar angles is developed. Finally, the validity of the proposed method, is
confirmed by applying it to capture the cross-section changes in full-scale ring tests of a
circular shield tunnel and a sub-rectangular shield tunnel. The proposed method is
designed for measuring the deformation contour of tunnel segment during a load test
but it could also be used for in-situ measurement with a simple improvement to the data
processing algorithm.

2 Methodology

The proposed method contains four major operations: (1) raw cloud data pre-processing,
(2) extraction of tunnel cross section, (3) treatment of discontinuous points, (4) deter-
mination of tunnel center. Firstly, the pre-processing is conducted, during which the raw
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three-dimensional cloud data are filtered in order to exclude obviously unreliable noise
caused by sensors or wires as shown in Figs. 1 and 2. Then the filtered cloud data are
projected onto a two-dimensional plane which is characterized by a pre-designed polar
coordinates system. The polar angle and radius vector define the points on the tunnel
outline (Fig. 3). Because of the introduced polar coordinates system, this method is
cross-section-independent, and can handle tunnel cross section of arbitrary shapes.

However, due to the existence of hand holes or other grooves on the segment, data
missing is inevitable after operation (1) as shown in Fig. 4. Consequently, point jump
occurs on the tunnel deformation curve (Fig. 5) because the deformation is calculated
by the difference of the deformed outline and original outline. Operation (3) adopts
point discretization and regeneration techniques to smooth the curve and acquire rea-
sonable deformation values.

Fig. 1. Raw laser scanning data of a quasi-
rectangular shield tunnel

Fig. 2. Raw laser scanning data of a circu-
lar shield tunnel

Fig. 3. Pre-defined polar coordinate
system

Fig. 4. Data missing caused by raw data processing
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2.1 Raw Cloud Data Pre-processing

Before extracting the tunnel cross section, obvious noise needs to be treated during
pre-process because noisy points would severely impair the efficiency and accuracy of
data processing. This procedure is conducted in commercial software Cyclone for it
provides efficient tools to treat this kind of noise.

2.2 Extraction of Tunnel Cross Section

A polar coordinates system is firstly established with polar angle ranging from 1° to
360°. In order to get deformation information, the design outline is also pre-set on the
polar coordinates system. Then, the program formalizes the coordinates of points from
the point cloud data by ergodic process. For arbitrary point Pi on the tunnel periphery,
the polar angle hi and length of radius vector qi are defined as:

hi ¼ arctan
Yi
X i

� �
ð1Þ

qi ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
X2
i þ Y2

i

q
ð2Þ

where Xi and Yi are the x and y coordinates of Pi on the projection plane. Since the
cloud data are so large that thousands of points exist at a certain polar angle hi, there are
different values qi for the same hi. In order to obtain accurate results, the algorithm
adopts statistical approach. The maximal occurrence of radius vectors length is counted
and recorded. Then those points whose occurrence of qi is less than half of the highest
occurrence would be excluded. Finally, the weighted mean value of the qi of the
remained points is calculated as the representative value at hi. After the above

Fig. 5. Point jump on tunnel deformation curve

An Automatic Data Processing Method 439



procedures, a points group is acquired which contains points with hi and weighted
mean values of length of radius vectors at hi. By iterating hi from 1° to 360°, the
representing value at each polar angle is gained.

After curve fitting using least square method based on the points group,
two-dimensional tunnel centerline is extracted from three-dimensional cloud data. Then
the deformation values at each point could be obtained by subtracting the length of
radius vectors on extracted outline from design outline.

2.3 Treatment of Discontinuous Points

To deal with data missing (Fig. 4) and value jump (Fig. 5) caused by pre-processing, a
point discretization and regeneration scheme has been designed to smooth the tunnel
outline and acquire reasonable deformation values. The deformation of the adjacent
two points is nearly continuous so the difference between the deformation of these two
points would not be unreasonably large. Based on this fact, the point discretization and
regeneration technique uses differential calculation in which 359 differential vectors di
are obtained by differential calculating 360 radius vectors from 1° to 360°:

di ¼ q iþ 1ð Þj j � q ið Þj j ð3Þ

In accordance with the accuracy requirement, set corresponding error limit D and
then select those differential vectors whose |di| > D. Then the selected differential
vectors are separated into different groups with difference of the subscript i < Di. After
several calibrations, it is found that Di = 5 is accurate enough. If the absolute value of
sum of differential vectors in one group |

P
di| < D, the mean values of differential

vectors are calculated. For example, if D = 10 mm, d1 = −80 mm, d2 = 100 mm and
d5 = −26 mm, so |d1 + d3 + d5| = 6 mm < 10 mm and we set d1 = d3 = d5 = (d1 +
d3 + d5)/3 = −2 mm. Finally, the treated values of differential vectors will be added to
the original radius vectors and the smoothing process is completed. Those missing
points are regenerated by assigning their radius vectors to equal the sum of design
values and treated values of differential vectors. The smoothing result is shown in
Fig. 6.

2.4 Determination of Tunnel Center

The proposed method requires that the origin of the spatial coordinate system must be
located at the center of tunnel outline. Hence, determining the tunnel center is essential
for data processing. For the circular cross section, Cyclone provides a “cylinder fit” tool
to find the tunnel center. However, for tunnel cross sections of other types, there are no
available tools to adopt. Consequently, the proposed method uses the concept of static
moment to determine the tunnel center which is simple but effective for arbitrary cross
section.
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As Fig. 7 shows, the static moment of the shaded area dA to x-axis and y-axis is
defined respectively as:

Sx ¼
Z
A

ydA ð4Þ

Sy ¼
Z
A

xdA ð5Þ

Fig. 6. The deformation curves before smoothing and after smoothing

Fig. 7. Concept of static moment
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And the coordinates of center could be calculated by:

yc ¼

R
A
ydA

A
¼ Sx

A
ð6Þ

xc ¼

R
A
xdA

A
¼ Sy

A
ð7Þ

As Figs. 1 and 2 indicate, the image of laser scanning data of tunnel segment is
actually a ring because of its thickness which could be abstracted into the model
depicted in Fig. 7. Consequently, once the noisy points and missing points have been
well treated, using this method could easily determine the tunnel center.

3 Tunnel Deformation Visualization

In order to display the tunnel deformation in a direct way, we develop a Graphical User
Interface named Cloud Viewer through which the deformed tunnel outline is shown on
the display panel. The x component, y component of the deformation values and the
resultant radius deformation values of arbitrary points on the tunnel outline could be
obtained once the user imports treated laser scanning data (Fig. 8).

The Cloud Viewer provides 2 calculation modes: a design section mode and an
initial status mode. In the design section mode, the deformation values are calculated
by subtracting the deformed tunnel outline from design outline, while in the initial
status mode, the deformation values are the difference between current deformed status

Fig. 8. The GUI of Cloud Viewer
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and the initial loading status. As Fig. 9 shows, to optimize the display performance,
Cloud Viewer allows users to display the deformation by multiplying the real defor-
mation values by different display factors. By assigning corresponding polar angles in
the text box, the deformation values of at any locations can be obtained and presented
in the text box.

4 Application

This section introduces two application examples of the proposed deformation analysis
and visualization method: full-scale model tests on a circular shield tunnel and a
quasi-rectangular shield tunnel. The results show that the proposed method is capable
of processing different shapes of cross section with favourable accuracy.

4.1 Full-Scale Model Test for a Circular Shield Tunnel

The tunnel to be tested is a water storage and drainage tunnel which adopts circular
cross section with an inner diameter of 9 m and a segment thickness of 650 mm. The
buried depth of this tunnel could reach as large as 50 m–70 m, so the mechanical
behaviour of tunnel segment under such buried depth delivers an important contribu-
tion to the understanding of tunnel’s behaviour which is crucial to the whole project. In
order to get comprehensive deformation data of the tunnel segment, laser scanning
technique is adopted while the cable-extension displacement sensors are employed to
ensure the reliability of the laser scanning data. Figure 10 shows the layout of the
full-scale model test system. The device we use is Leica P40 and the accuracy of the
scanning profile depends on the distance from the laser scanner to tunnel segment
surface. For Leica P40, the systematic scanning error is 1.2 mm + 10 ppm which
indicates that within the distance of 10 m, the scanning error is less than 1.2 mm. The
furthest distance from laser scanner to segment surface is about 6 m in this test, so the
scanning error is around 0.72 mm.

Fig. 9. Deformation visualized by multiplying different display factors: (a) display factor = 1.0;
(b) display factor = 4.0
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Before the measurements, two restrictions have to be coped with. Firstly, since no
obvious vibrations are allowed during laser scanning, a special base needs to be
designed so as to prevent the laser scanning device from vibrating. Secondly, the laser
scanning device could not be installed at the center of the tunnel lining due to the
existence of the central column (Figs. 10 and 11). Consequently, to cover the whole
tunnel section, we employ two Leica laser scanning devices mirrored symmetrically on
the two sides of the central column. By this way, we could eliminate the impact of the
block of laser by the central column because the point cloud data recorded by each
device could be unified via commercial software Leica Cyclone (Figs. 13 and 14).

To allow the registration of the point cloud data from the laser scanning devices into
a single point cloud, static black-and-white targets must be attached on the stationary
points during the test. We use 6 targets which are attached on the wall of the laboratory
(Fig. 12). By identifying the same targets in the point cloud data of the two devices via
Cyclone, a universal coordinate system is generated which is shared by the two sets
of point cloud data. Then Cyclone could register them with registration error less than
1 mm.

Fig. 10. Layout of the full-scale model test
system for circular shield tunnel

Fig. 11. Placement of two Leica laser
scanning devices

Fig. 12. Targets used in test (No. 4–No.6) Fig. 13. Tunnel lining laser scanning data of one
device before registration
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During the test, 2 laser scanning devices controlled by cell phone via Wi-Fi operate
at the same time once the jacking loads become stable. The procedure of scanning lasts
for 1 min which is fast enough to capture the deformation of tunnel segment without
further development. Once the point cloud data have been imported to the computer,
we use Cyclone to pre-process the raw data (Fig. 14). After the registration of two
series of cloud data, the proposed algorithm could calculate and visualize the defor-
mation automatically within 10 s (Fig. 15).

As mentioned above, cable-extension displacement sensors were used to confirm
the validity of the laser scanning data. Figure 16 compares the deformation data
measured by cable-extension displacement sensors and that determined from laser
scanning technique. It is clear that the two sets of data are in good accordance with each
other, which proves that both of the laser scanning technique and the proposed data
processing method are adequately reliable and accurate.

Even though using cable-extension displacement sensors could also gain the con-
vergence of the tunnel lining, as a “single point measurement”, it could only deliver
deformation data of dispersed points; whereas, using laser scanning technology, we
could acquire the deformation of any point on the tunnel lining by assigning its polar
angle through Cloud Viewer software, which could meet the comprehensive data
demand of engineering and scientific researches.

4.2 Full-Scale Model Test of a Quasi-rectangular Shield Tunnel

The rectangular shield tunnel has attracted increasing interest of engineers and
researchers in recent years for its high space usage efficiency. Compared with the tra-
ditional circular shield tunnel, using rectangular shield tunnel could save space by up to
20%, thus, leading to higher economic benefits. However, theoretically the mechanical
performance of tunnel with a rectangular cross section is worse than a circular one. Stress
concentration and large convergence deformation strongly restrict the development of
rectangular shield tunnel. To solve this problem, a new sub-rectangular cross section has

Fig. 14. The laser scanning image of the circular
tunnel lining after pre-processing and registration

Fig. 15. The deformation contour of the
circular tunnel lining
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been designed. The new sub-rectangular tunnel is 10.7 m in width and 8.2 m in height
with a thickness of 500 mm. To assess the mechanical property of this type of shield
tunnel segment, a full-scale model test is conducted which adopts laser scanning tech-
nology and the proposed data processing method to acquire tunnel deformation data.

Compared to the traditional test system in which the tunnel lining lies horizontally
on a base, an innovative “standing” loading method is developed to evaluate the effect
of self-weight of lining on internal force distribution and deformation pattern as shown
in Figs. 17 and 18. Since there is no obstacle, only one Leica P40 laser scanning device
is used which needs to be fixed at the bottom of the tunnel lining.

After similar procedures described in Sect. 4.1, the pre-processed laser scanning
data is shown in Fig. 19 and the deformation contours of tunnel lining under various
loading conditions are gained. Figure 20 shows the tunnel deformation contour under
self-weight load.

Fig. 16. Comparing the maximal convergence data obtained by laser scanning technique and
that monitored by cable-extension displacement sensors

Fig. 17. Layout of full-scale model test system
for a sub-rectangular shield tunnel

Fig. 18. A photo of the test system
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5 Conclusion

This paper introduces a novel methodology to process laser scanning cloud data with
high speed and accuracy. Distinguished from the data processing method available in
the literature, this methodology is capable of dealing with different shapes of tunnel
cross sections and has the potential to be a universal method to process and visualize
the laser scanning data in the field of tunnel engineering.

The proposed methodology starts with pre-generation of a polar coordinate system,
followed by projecting the three-dimensional point cloud data onto a two-dimensional
plane. A special algorithm known as point discretization and regeneration technique is
developed to treat the data missing caused by data pre-processing. The deformation
data is acquired by comparing the deformed outline and the design outline. A Graphical
User Interface Cloud Viewer is developed to visualize the deformation image with
adjustable display factors. One could easily get information data of any point on the
tunnel outline by assigning its polar angle in Cloud Viewer.

Full-scale model tests of a circular shield tunnel and a quasi-rectangular shield
tunnel adopt the proposed methodology to acquire the deformation data. The results
show that (1) both the laser scanning technology and the proposed methodology are
valid and accurate, (2) the proposed methodology could process arbitrary tunnel cross
sections.

Acknowledgement. The research was financed by the Natural Science Foundation of China
(No. 41372276). The technical support from the staff of Shanghai Tunnel Engineering Co. Ltd.
are highly appreciated.

Fig. 19. The laser scanning image of quasi-
rectangular tunnel lining after pre-processing

Fig. 20. The deformation contour of sub-
rectangular tunnel lining under self-weight
load
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Abstract. The in-situ stress is a critical factor that needs to be assessed in the
development of a safe and sustainable oil and gas recovery, but it is also difficult
to be accurately measured with the existing methods, especially in the soft
sedimentary formations. In this paper, pressuremeter testing, as one of the
promising approaches for the in-situ stress determination, is evaluated under a
well-controlled polyaxial boundary stress condition. The experiment setup and
test procedure are described. The data for the tests under three different stress
regimes are presented. The data is corrected for the eccentricity and the
movement of the tool during the test to show the non-uniform deformation of
borehole in the testing plane. The discrepancy of pressure-expansion curves
obtained at different axes is in a good agreement with the theoretical findings
showing the effect of the in-situ stress anisotropy on the cavity expansion.

Keywords: Pressuremeter testing � Stress anisotropy

1 Introduction

One of the challenges in the development of the underground resource extraction plan
is the uncertainty of in-situ stresses. In the oil and gas industry, an inaccurate estimation
of the in-situ stresses would not only lead to the unfavorable design of well completion
and but also put the disastrous events, such as the fault activation and the surface
subsidence, under poor control (Zoback 2010). In Alberta, the in-situ stress plays a
critical role in the assessment of the caprock integrity in the steam stimulation projects,
as the minimum in-situ horizontal stress in the caprock is a primary factor to constrain
the pressure of the steam injected into the oil sands reservoir.

Methods, such as hydraulic fracturing and overcoring, have been developed and
proved successful in determining the stresses in hard rocks (Ljunggren et al. 2003;
Schmitt et al. 2012). However, because caprock formations are more ductile and less
prone to fracturing, the validity of applying these methods to such the materials should
be questioned (ShafieZadeh and Chalaturnyk 2014).
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Pressuremeter testing, as one of the commonly used methods in the geotechnical
investigation, is considered as a promising method in the evaluation of in-situ stresses
in the soft rocks. The response of the borehole at the different orientations under the
uniform expansion pressure could provide valuable information to back calculate the
possible anisotropy of in-situ stresses in the testing plane.

Figure 1 shows the one dataset obtained from the pressuremeter test in a horizontal
borehole drilled into the Boom clay formation at an underground research lab in Mol,
Belgium. The test curves at three axes vary as a function of the orientations of strain
arms with respect to the maximum and minimum in-plane in-situ stresses.

Zhou et al. (2016) has explained the “non-circular” effect of the cylindrical cavity
during the expansion in a biaxial in-situ stress field with a rigorously derived solution.
A numerical study has been carried out by Liu (2015) to address the potential chal-
lenges in the interpretation of the pressuremeter tests in the soft sedimentary rock,
including the drilling disturbance and the drainage conditions. This work, as part of the
assessment of the interpretation technique proposed in Liu et al. (In Preparation)., is to
provide the experimental evidence of cavity expansions under the anisotropy boundary
stresses. The laboratory configuration of the experiment will be described in the first
part of the paper and a preliminary analysis performed upon the tests under three
different stress regimes will be presented in the second part.

Fig. 1. Pressuremeter test curves measured by independent strain arms at three axes. The test
was carried out in the horizontal borehole into the tunnel liner at underground research lab at
Mol, Belgium.
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2 Experiment Setup

2.1 Cement Preparation

In order to duplicate the mechanical properties of the in-situ clayshale materials, white
cement (grade 52.5), water and kaolinite were considered as mixing components so that
a certain amount of plasticity could be kept without significantly compromising the
strength and stiffness. An industry-sized blade mixer was used for cement mixing, three
batches of mixing are required to fill a cubic mold with a dimension of 914 mm (H) *
763 mm (W) * 763 mm (L). A small portion of bubble reducer was also added to
reduce the voids in the cement slurry. After a preliminary evaluation of the material
properties with the small subsamples as well as the large block specimens, the gravi-
metric mixing proportion of cement, water and kaolinite equal to 1:1:0.4 was
determined.

After 9–12 days of curing, the cement block was moved out from the water tank
and placed into the loading frame (Fig. 2). A borehole was drilled beforehand with an
83 mm diameter coring bit in the center of the specimen. Due to the swinging effect of
the drilling string, the borehole was slightly oversized. Three blocks were prepared for
the pressuremeter tests under different boundary stress conditions. Information of these
block specimens is listed in Table 1.

2.2 Test Setup

The loading frame consists of four flat jacks for the lateral loadings and eight hydraulic
jacks applying vertical loading through a steel platen (Fig. 3). Since the lateral faces of
block were not entirely covered by the flat jacks, the actual pressure transmitted into the

Fig. 2. Cement block in the loading frame
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block was thought to be lower than that applied at the jack. To monitor the deformation
of the block under the loading, LVDTs and a single-axis caliper were installed at the
outside boundaries and in the borehole respectively.

Three boundary stress conditions were proposed to take into account different stress
anisotropies and in-situ stress regimes. The pressures applied at the faces of three
blocks after equilibrium are given in Table 2.

Table 1. Basic information of the three block specimens

Specimen No. Curing days Initial borehole size (mm)

B1T5 9 86.3
B1T6 12 86.1
B1T7 9 86.2

Fig. 3. Schematics of the loading assembly

Table 2. Boundary stress conditions for three tests

Specimen No. rH

(MPa)
rh

(MPa)
rv

(MPa)
rH/rh Stress regime

B1T5 3.7 3.3 3 1.12 Reverse Fault
B1T6 3.25 2.15 2.6 1.51 Strike-slip
B1T7 3.3 1.7 5 1.94 Normal Fault
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The pressuremeter used in the test is a modified version of the High Pressure
Dilatometer manufactured by Cambridge In-situ Ltd. The toe of pressuremeter was
shortened so that the expandable packer could be fully covered inside of the block
(Fig. 4). The outside diameter of the pressuremeter is 73 mm and the total thickness of
the packer element including the rubber membrane and the flexible membrane shield is
5.5 mm. Before the test, the stiffness of the membrane and the compliance of the
instrument body were carefully calibrated to obtain the factors that would be used in the
calculation of the true pressure and displacement at the external surface of the
membrane.

3 Test Results

3.1 Pressuremeter Test Curves

The pressuremeter test was conducted by injecting oil into the probe. The pressure
change was maintained at 2 psi/s for both borehole expansion and contraction. The
loading rate was thought to be sufficiently low that the interaction between the probe
and the borehole would be in a pseudo-static equilibrium at any time of the test. To
have extra data to assess the creep potential and the stiffness of the specimen,
unload-reload loops and pressure hold tests were also included in the testing procedure.

Figure 5 plots the expansion pressure versus the radial displacement measured in
each test. While the displacement data at different azimuths could be averaged to
represent the overall deformation of the borehole under the pressure, it remains
questionable whether they could be interpreted using the existing analytical solutions
which were derived under the assumption of the isotropic boundary stress condition.

Fig. 4. Dimension of the test setup. Unit: mm
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3.2 Non-uniform In-Plane Borehole Deformation

Because the pressuremeter was not initially centric and also the borehole itself was not
perfectly circular, borehole might not start to expand at the same radius. Also, the probe
tended to be centralizing itself in the process of the inflation, the radial displacement
captured by each individual arm might not show the actual expansion of the borehole.

Fig. 5. Pressuremeter test curves under three stress regimes
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To find out the true non-uniform borehole deformation, a correction was made by
fitting the displacement data with elliptical function and transforming their coordinates
from tool domain to borehole domain. The detail of the correction method was
explained by Schwerzmann et al. (2006). With the best fit of the borehole shape, the
radial displacement at the maximum horizontal stress direction (0° of the azimuth) and
minimum horizontal stress direction (90° of the azimuth) could be calculated. Figure 6
compares the deformations of borehole at two major axes from three tests. Curves were
shifted horizontally to have the same origin of the expansion at the pressure level
around 3000 kPa.

Under the uniform expansion pressure, borehole tended to have more plastic
deformation in the direction of the maximum in-plane boundary stress than in the
direction of the minimum in-plane boundary stress. This is in a good agreement with
the theoretical findings from Zhou (2016)’s work, addressing the higher shear stress
and early borehole yielding at the azimuth aligned with the maximum in-plane in-situ
stress. Such the discrepancy of expansions between these two major axes becomes
more prominent when the boundary stress ratio increases.

Fig. 5. (continued)

An Experimental Study of Pressuremeter Testing 455



Acknowledgement. This work was financially supported by the Foundation CMG Industrial
Research Consortia. The technical support from J. Brandl at the University of Alberta and the lab
technicians at RIPED is also gratefully acknowledged.

References

Liu, L.: Numerical Study of Reservoir Geomechanical Pressuremeter Testing under Anisotropic
In-situ Stresses. University of Alberta (2015)

Liu, L., Chalaturnyk, R., Zambrano, G.: Numerical investigation and identification of
geomechanical parameters from self - bored pressuremeter testing. In Preparation

Fig. 6. Anisotropic borehole deformations under three boundary stress conditions

456 L. Liu et al.



Ljunggren, C., Chang, Y., Janson, T., Christiansson, R.: An overview of rock stress measurement
methods. Int. J. Rock Mech. Min. Sci. 40, 975–989 (2003)

Zhou, H., Kong, G., Liu, H.: A semi-analytical solution for cylindrical cavity expansion in elastic –
perfectly plastic soil under biaxial in situ stress field. Geotechnique 66(9), 786–788 (2016)

Schmitt, D., Currie, C., Zhang, L.: Crustal stress determination from boreholes and rock cores:
fundamental principles. Tectonophysics 580, 1–26 (2012)

Schwerzmann, A., Funk, M., Blatter, H.: Instruments and methods. Borehole logging with an
eight-arm caliper – inclinometer probe. J. Glaciol. 52, 381–388 (2006)

ShafieZadeh, N., Chalaturnyk, R.: Interpretation challenges for in situ stress from mini-frac tests
in soft rocks/hard soils. Shale Energy Eng. 298–309 (2014)

Zoback, M.: Reservoir Geomechanics. Cambridge University Press, Cambridge (2010)

An Experimental Study of Pressuremeter Testing 457



Long-Term Settlement of Subway Tunnel
and Prediction of Settlement Trough

in Coastal City Shanghai

Zhen-Dong Cui1,2(&), Shan-Shan Hua1, and Jia-Sen Yan1

1 State Key Laboratory for Geomechanics and Deep Underground Engineering,
School of Mechanics and Civil Engineering, China University of Mining and

Technology, Xuzhou 221116, Jiangsu, People’s Republic of China
czdjiaozuo@163.com

2 Fujian Research Center for Tunneling and Urban Underground Space
Engineering, Huaqiao University, Xiamen 361021, Fujian

People’s Republic of China

Abstract. Subway tunnels have shown characteristics of severe longitudinal
differential settlement since the operation of subways in Shanghai. The differ-
ential settlement has an important impact on the internal force of tunnel structure
and the waterproofing of joints. According to the in-site measuring data of
Subway Line 1, subway tunnel in the soft area is easily prone to developing
many settlement troughs with different sizes. The differential settlement in the
settlement trough is noticeable, which has a seriously effect on the safety of
tunnel structure and subway operation. The differential settlement in the set-
tlement trough relates to the subway vibration load, the engineering activities,
the regional land subsidence and the seasonal rain. From the point of view of
time and space, the curve fitting and Auto Regressive Integrated Moving
Average ARIMA (p, d, q) were combined to predict the long-term settlement in
the settlement trough. The Hengshan Road Station and the South Huangpi Road
Station were taken as case studies. The results show that the predicted values
agree well with the measured data from the perspective of time and space, which
provides a new idea for the long-term settlement of subway tunnel.

Keywords: Subway tunnel � Long-term settlement � ARIMA (p, d, q) model

1 Introduction

In order to make rational use of limited urban land and alleviate the urban traffic
pressure, subway tunnels have been constructed in more and more cities. Subways play
an important role in improving the urban traffic congestion problem and the people’s
quality of life. In the soft area, the settlement is relatively large during the operation of
subway for its special geology conditions. The uneven settlement causes the bolt
cracking, which affects the normal operation of subways.

On the one hand, the settlement of subway tunnels occurs during the period of
tunnel construction. There are mainly four different approaches to study the settlement
in this period, namely empirical methods, analytical methods, finite-element methods
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and artificial neural networks. Empirical methods (Attewell and Woodman 1982) were
widely used because they predicted the surface deformation effectively during the
construction of subway tunnels without considering soil properties. To be more per-
suasive, analytical methods were used to predict the surface deformation (Loganathan
and Poulos 1998; Park 2004; Zhu et al. 2014). Finite-element methods, which could
simulate the complicated boundary conditions, were adopted to analyze the excavation
of subway tunnel (Ercelebi et al. 2011). The surface deformation during the tunnel
excavation is affected by many factors that present complex nonlinear relationships.
Artificial neural networks are able to approach any complicated nonlinear relationship
and study some unknown systems. Artificial neural networks were applied to predict
surface deformation caused by the tunnel construction (Mohammadi et al. 2015).

On the other hand, the subway tunnels experience the settlement during the
operation in the soft area. The vertical displacement and the longitudinal stress of the
existing tunnel was influenced by the new shield tunnelling (Li et al. 2014; Liang et al.
2016). There existed the significant settlement for the subway tunnel because of
foundation pit excavation (Liu et al. 2011). The trend between the subway tunneling
settlement and the regional land subsidence were the same (Ye et al. 2007).

Settlement of subway tunnels lasted for a long time. To reduce the economic cost of
monitoring, a variety of methods are used to predict the long-term settlement of subway
tunnel. Fang et al. (1993) proposed a hyperbolic model to estimate the trend of the
maximum ground subsidence over the tunnel curve by analyzing the filed data. Cui and
Ren (2014) adopted ARMA (p, q) model to predict the long-term settlement of subway
tunnels. Although the above methods have made some progress in the prediction of
tunnel settlement, there are few special methods to predict the long-term settlement of
the settlement trough where is more likely to occur settlement. In addition, many
prediction models only consider the relationship between the long-term settlement and
the time, without considering the influence factor of the space.

This paper analyses long-term settlement behavior according to subway line 1 in
Shanghai. The settlement function of the settlement trough is established by the curve
fitting method, and the control point of the settlement function is predicted by ARIMA
(p, d, q) model. The changes of the settlement with the time and the space are con-
sidered by the ARIMA (p, d, q) and the long-term settlement function.

2 Geological Conditions

Shanghai is located on the east of the Yangtze River Delta, with an area of about
6340 km2. The loose sediments in Yangtze River Delta mainly belong to the Qua-
ternary. The Quaternary deposit is well developed, reaching 300–360 m in the urban
area. The subway tunnels in Shanghai are generally situated in the silty clay stratum
with characteristics of high water content, high compressibility, low permeability and
low shear strength. The disturbed soft clay in Shanghai tends to induce the settlement
for a long time. The typical geological section of Shanghai is shown in Fig. 1.
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3 Settlement Behavior of Subway Tunnel

Shanghai Subway Line 1 goes from Xinzhuang Station to Fujin Road Station. As
shown in Fig. 2, there has been substantial settlement from 1999 to 2009 and the
average accumulated settlement of reaches 111.5 mm at the end of 2009. The maxi-
mum settlement in the longitudinal direction is 292.9 mm and the minimum settlement
is 0.4 mm. That means the differential settlement is 292.5 mm. The average differential
settlement reaches 20.6 mm in the past few years. The differential settlement gradually
increases during the long-term settlement of subway tunnel in soft ground. There was a
significantly large settlement troughs, located around the Hengshan Road Station.

According to the analysis of Subway Lines 1, subway tunnel experienced the
significant longitudinal settlement. With the increasing of the operation time, the
accumulated settlement increased continuously and subsequently tended to converge.

Fig. 1. The typical geological section of Shanghai (Tang et al. 2008)

Fig. 2. Accumulated settlement of Subway Line 1
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The differential settlement was relatively large where there was a settlement trough,
which would cause subway safety problem.

4 Settlement Trough

The subway tunnels in the soft soil area easily generated the settlement. In order to
accurately predict the settlement of settlement trough, improve the safety of subway
operation and reduce the cost of long-term monitoring, it is necessary to study set-
tlement regularity about settlement trough in the soft deposit. The Shanghai Metro
Line 1, with long operation time and abundant measured data, contributes to analyze
the settlement trough in the soft area.

Characteristics of Settlement Trough
The bottom and internal walls of the settlement trough are called the trough bottom and
the trough wall respectively. The settlement trough is divided into the left settlement
trough and the right settlement trough according to the trough bottom as shown in
Fig. 3. Although settlement trough have different size, settlement trough are usually
asymmetric. For example, the settlement trough in Hengshan Road Station and Peo-
ple’s Square Station have different sizes and both of them are near asymmetric. The
whole subway tunnel experienced settlement and the settlement at different mileages is
varied by comparing the accumulated settlement in 1999 and 2009. The settlement
where there exists a settlement trough is more obvious, at the same time, the accu-
mulated settlement is much larger.

Figure 4 shows the cumulative settlement difference in Hengshan Road Station
from 1999 to 2007. The difference at the groove bottom is 112.6 mm and the minimum
difference in the trough wall is 31.9 mm, which shows the settlement rate in groove
bottom was far greater than groove wall. The accumulated settlement difference pre-
sents the downward parabolic and the maximum value is at the bottom of the settlement
trough.

Figure 5 illustrates the settlement of the settlement trough in Hengshan Road Station
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with different years. The settlement trough is overall relatively smooth except some
positions. The shape of settlement trough does not change with time. The settlement
trend of the settlement trough is positively correlated with the settlement at the trough
bottom.

The settlement trough produces settlement when the groove bottom occurs settle-

ment. At the same time, the settlement trough produces uplift when the groove bottom
occurs uplift. The settlement trend of settlement trough may not converge to stable
value. The settlement trend of settlement trough is convergent between 1999 and 2003,
but the settlement trend of settlement trough is irregular. The settlement trough results
from the complex causes including subway vibration load, the engineering activities
around the subway tunnel, the regional land subsidence and the changing of under-
ground water during the operations of subways. The soil mass is subjected to different
degrees of disturbance in different mileage during the subway construction. The dis-
turbed soil mass during the construction period is prone to settlement in the operation
period. The local section of the subway tunnel undergoing engineering activities has
larger settlement and the groundwater leakage occurs. The groundwater leakage results
in the decrease of pore water pressure, the increase of effective stress and the soil mass
consolidation (Shin et al. 2012). The process groundwater seepage is accompanied by
the sediment leakage, which aggravates the deformation of subway tunnels (Wu et al.
2014). Because the groundwater leakage is local, the settlement trough is easily formed.
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5 Prediction Model and a Case Study

5.1 Model Building

Based on the in-site monitoring data the characteristics of long-term settlement of
subway tunnel was analyzed and settlement prediction model of the settlement trough
was built.

The shape of the settlement trough is stable, but it is difficult to determine the uplift
or settlement of the settlement trough at the next moment. By the in-site monitoring
data of the trough settlement, the settlement of settlement trough depends on the bottom
of settlement trough. The maximum sedimentation value of the bottom is monitored in
the prediction process.

Detailed steps of building the prediction model are as follows.

(1) Data processing

The in-site monitoring data of the left settlement trough and the right settlement
trough are carried out the normalization processing, respectively.

(2) Fitting the settlement trough

The curve function for fitting the normalized data of the left settlement trough is
called f1 xð Þ, and that of the right settlement trough is called f2 xð Þ, where x is the
normalized Euclid distance and f xð Þ is the normalized settlement.

(3) Determining the control point of the function

According to the number of parameters in the curve function, the least squares
algorithm is used to solve the curve parameters. The normalized data is substituted into
the function f1 xð Þ and f2 xð Þ to get its predictive value, respectively. If the predicted
value is different from the monitoring value, the number of input monitoring data is
changed to resolve the parameters of the equation, and the error is minimal as soon as
possible. The final number input monitoring data is called the control point of the
settlement trough curve function.

(4) Predicting the accumulated settlement about the control point at the next time by
ARIMA (p, d, q) model

ARIMA (p, d, q), which is used to predict the timed series, is the Autoregressive
Integrated Moving Average Model, where p is the order number of AR model and q is
the order number of MA model and d is the difference times. ARIMA (p, d, q) model
can be used to predict the cumulative settlement of the next moment of the control
point. Detailed steps of ARIMA (p, d, q) model analysis are as follows.

(a) To recognize the stationarity of the control point series by unit root test which is
calculated by software EVIEWS. The control point series are not stationary in
general and need to be treated by difference method. The differential times are the
d in ARIMA model.
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(b) The p and q in the ARIMA model can be determined by the Autocorrelation
Function (ACF) and the partial-autocorrelation function (PACF) table respec-
tively. The ACF and PACF are also calculated by software EVIEWS.

(c) According to the optimal model and its order, moment estimation, maximum
likelihood estimation and least square estimation are used to estimating the
parameters of the autoregressive part and the moving average part in the model.

By compared the monitoring value and the predicted value of the control point, the
forecast results are treated according to the difference between them.

(5) Solving the parameters of curve function

According to the accumulated settlement of the control point at the next moment,
the least squares algorithm is used to solve the curve function parameter. The obtained
parameter values are substituted into the curve function.

(6) Predicting the settlement of the whole settlement trough

The curve function is used to predict the uneven settlement of the whole settlement
trough. The desired predictions are anti-normalization and compared with the actual
values.

5.2 Case Studies

The settlement trough in Hengshan Road station and South Huangpi Road Station were
used to model verification. According to the prediction model, the settlement curve of
the settlement trough can be obtained separately. Formula (1) is the curve function in
Hengshan Road station and Formula (2) is the curve function in Huangpi Road station.

f xð Þ ¼ a1 sin b1xþ c1ð Þþ a2 sin b2xþ c2ð Þ
þ a3 sin b3xþ c3ð Þþ a4 sin b4xþ c4ð Þ ð1Þ

where a1; b1; c1; a2; b2; c2; a3; b3; c3; a4; b4 and c4 are the fitting parameters (Tables 1
and 2);

f xð Þ ¼ a1 sin b1xþ c1ð Þþ a2 sin b2xþ c2ð Þ
þ a3 sin b3xþ c3ð Þ ð2Þ

where a1; b1; c1; a2; b2; c2; a3; b3 and c3 are the fitting parameters (Table 3);
As shown in Fig. 2, the range of x in Hengshan Road station is from 5721.8 m to

6972.9 m while the range of x in South Huangpi Road Station is from 11501.6 m to
11891.6 m. The fitting parameters can be obtained according to the control point in
Hengshan Road station and South Huangpi Road Station separately. The predicted data in
Hengshan Road station and South Huangpi Road Station were shown in Figs. 6 and 7.
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By comparing the monitored data with the predicted data, although different set-
tlement troughs have different prediction precision, the range of the prediction preci-
sion is almost 0.9–1. At the same time, the prediction performance at the bottom of the
settlement trough is superior to that at other locations according to Figs. 8 and 9.

Table 1. Fitting parameters (from a1 to c2)

a1 b1 c1 a2 b2 c2
f1 xð Þ 1.737 2.188 2.111 0.8412 2.936 0.6177
f2 xð Þ 2.048 2.178 0.2821 1.502 2.622 2.878

Table 2. Fitting parameters (from a3 to c4)

a3 b3 c3 a4 b4 c4
f1 xð Þ 0.027 10.68 0.4724 0.01674 22.22 1.012
f2 xð Þ 0.0347 12.7 2.074 0.01468 20.93 −0.54

Table 3. Fitting parameters (from a1 to c3)

a1 b1 c1 a2 b2 c2 a3 b3 c3
f1 xð Þ 2.184 2.793 −0.1894 1.413 3.297 2.875 0.03753 11.97 1.965
f2 xð Þ 1.128 2.76 −0.4263 5.221 6.131 1.375 4.86 6.34 4.422
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6 Conclusions

Based on the in-site monitoring data of subway tunnel in Shanghai and the charac-
teristics of the long-term settlement, the settlement troughs were studied and the pre-
diction model for the settlement trough were built in this paper. The conclusions are as
follows.

(1) The differential settlement in longitudinal direction is significant where there is a
settlement trough;
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Huangpi road station
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(2) The curve fitting method and ARIMA (p, d, q) model could be used to predict the
settlement of the settlement trough. The curve fitting method is able to consider
spatial factors, and ARIMA (p, d, q) considers the time factor, which effectively
improves the prediction accuracy.
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Abstract. It is to study the physical and mechanical properties of phosphate
rock and provide data support for the stability control of phosphate tailings dam.
A series of laboratory test and a BI-90Plus laser particle size analyzer were used
to test the original tailings. 13 basic physical properties and 4 indexes of
mechanical properties of tailings are obtained. The results showed that most
tailings of the dam are composed of a silty clay with high plasticity, remarkable
expansion and contraction behavior. Particle size approximately follows a
Gaussian distribution. The results of direct shear tests showed that as the clay
content of the tailings increase, the internal friction angle tends to decrease,
whereas the cohesion seems to increase gradually. And the difference reaches
several times to dozens times. Therefore, the scientific and reasonable tailings
discharge in accordance with the grain gradation and physical and mechanical
properties of tailings, have an important influence on the stability of the dam.
This may be related to the content of clay particles. The calculation results not
only provide real data for the tailings dam design and stability, but also provides
more accurate data support for engineering mechanical properties, the research
of phosphate tailings sorting and storage process optimization.

Keywords: Tailings � Physical and mechanical properties � Shear strength
Soil test � Limit equilibrium method � Cohesion

1 Introduction

China’s phosphate rock reserves are very rich. About 176 tons of ore resources have
been found, ranking second in the world. As a strategic resource of our country, the
annual output of phosphate rock is more than 60 million tons. However, the mineral
taste is generally low, generally not more than 10%, and the lower is only 2–3%.
Therefore, a large number of phosphate ores are stored in tailings reservoirs after
tailings are sorted by concentrator [1]. The stability and reliability of tailings dam are
very important to the safety of tailings dam. In general, the tailings that has been
layered and laminated after discharge are the main materials used to construct the
upstream tailings dam. Determining its basic physical and mechanical properties is the
basis for studying the stability of the dam body [2].
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2 Particle Size Measurement and Gradation Analysis
of Tailings

The particle composition and gradation of tailings are important indexes to reflect
tailings characteristics comprehensively. Soil mechanics, mineral processing, engi-
neering geology and other fields have shown that grain size is closely related to the
nature of soil. In addition, the relative content of the tailings sand grains (usually
expressed in terms of particle grading curves) also affects their characteristics. The
understanding of the gradation and distribution of tailings is the basis for the study of
the physical and mechanical properties of the tailings [3].

The location of the sample is usually the front, middle and the end of the library. In
the actual dam construction, the tailings used for dam construction are mostly from the
tailings dam. Therefore, the samples in this study were taken from 5 different positions
in the front of the library, and then their mineral composition and particle composition
were analyzed.

2.1 Mineral Composition

According to the chemical composition analysis, the mineral composition of phos-
phorus tailings samples is analyzed. The results show that the tailings contain more
than 20 chemicals. The contents of CaO, MgO, P2O5 and SiO2 were the highest, and
the total content reached 64.904. The results of the top ten components are shown in
Table 1 below.

Content of P2O5 in the tailings of this phosphate mine is more than 10%, and the
content is still high. Among them, CaO and MgO are easily oxidized and decomposed,
which further affect the shear strength parameters and permeability coefficient [4].

2.2 Particle Gradation of Tailings

Tailings particle grading features often size distribution curve. The curve of the log-
arithm of the particle size as the abscissa (logarithmic), with less than a particle size of
the cumulative mass percentage of particles (natural coordinates) as the ordinate.
Through the particle grading curve can better understand the composition of tailings
particles [5]. In order to accurately analyze the size and composition of the tailings
grains, the BI-90Plus laser particle size analyzer was used to analyze the content of the
tailings.

The laser particle size analyzer is a fast and convenient instrument for analyzing
and testing nanometer particle size. Its detector is PMT with a scattering angle of 15°
and 90° with a precision of 1%. Proper amount of tailings was used, and 3 ml samples

Table 1. Tailings mineral composition.

Analysis project CaO MgO P2O5 SiO2 SO3
2− Fe2O3 Al2O3 K2O MnO BaO

Content (%) 34.707 11.375 10.389 8.433 5.361 1.001 0.914 0.349 0.263 0.179
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were allocated according to the requirements of the instrument. 5 groups (group A–E)
were tested and analyzed. Tailings particle size distribution shown in Fig. 1. The
distribution of particle content (i.e. cumulative content) of tailings smaller than a
particle size is shown in Fig. 2.

It can be seen from Fig. 1 that the mean values of each group were distributed
symmetrically, similar to a “clock type” curve, which was in accordance with the Gauss
distribution. D50 of the 5 groups of samples is less than 0.5 mm, and the particle size is
more than 0.25 mm, the quality of the particles is not more than 50%. It is indicating that
the tailings particles arefiner. Particle size of tailings in the groupA and the groupB above
the size of 0.074 mm did not exceed 50% of the total mass, and the plasticity index was
between 10*17. According to the provisions of [6], it belongs to tail silty clay in viscous
tailings. The particle size of groups C, D and E is more than 50% of the total mass, and not
more than 85%, which belongs to the tailing powder of sand tailings 0.074 mm.

Figure 2 shows that the particle size of tailings in group A is uneven. The curve B
is similar to an inverted S shape. Particle size span is not large, which means that the
particle distribution of tailings samples is even. Curves of C, D and E are similar in
shape and larger in size, indicating that the particles are very heterogeneous.

The main particle size parameters of the 5 tailings are shown in Table 2. Including
the equivalent particle size d10, effective particle size d30, median particle size d50,
control particle size d60, average particle size d, surface particle size S.D. and the
volume size C.V.

Fig. 1. Tailings particle size distribution
curve

Fig. 2. Tailings particle gradation curves for
different groups

Table 2. Tailings particle analysis test results

Particle size
parameter

d10(lm) d30(lm) d50(lm) d60(lm) d(lm) S.D.(lm) C.V.(%)

Group A 3.3481 8.94027 17.9894 21.9675 29.4298 32.5488 110.598
Group B 2.60665 6.45305 12.2447 14.2560 16.8815 18.4516 109.301
Group C 14.9398 69.5981 129.406 145.973 150.485 125.184 83.1868
Group D 8.00288 36.0142 109.808 133.502 144.651 144.541 99.9235
Group E 11.9139 69.1072 141.602 164.965 174.722 154.489 88.4202
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As can be seen from Table 2, the effective particle size d10 of group B is the
smallest It shows that the tailings of this group have the lowest water permeability, the
strongest plasticity and the most expansibility and shrinkage. By Fig. 2, the clay
content in group B is about 8.4%, ranging from 5 to 15%, which is suitable for
geotechnical tests. The grading characteristics of tailings can be characterized by the
inhomogeneous coefficient Cu (d60/d10) and the curvature coefficient Cc (d30

2 /(d60d10)).
The results shown in Table 3 below.

In the practical engineering of tailings ponds, it is generally considered that the soil
diameters of Cu � 5 and 1 � Cc � 3 are unevenly distributed. The larger size of the
pores can be filled with smaller particles, which are well-graded soil. As can be seen
from Table 2, the grading of the 5 groups of tailings sand is good, the distribution of
continuous grading is even and the anti-seismic liquefaction performance is also better.
In addition, the d10 and d50 of the tailing sand particles increased significantly from tail
silty clay (groups A and B) to tail silt (groups C, D and E). This indicates that the
content of sand particles (soil particles with a particle size of 0.075 to 2 mm) is
increasing, or the content of clay particles is significantly reduced.

In summary, the average particle size of tailings sand particles in group B is the
smallest, the clay content is the highest, and the gradation is better. Subsequent
experimental studies, if not otherwise specified, the tail ore of group B (tail silty clay) is
used as the test material.

3 Basic Physical Properties Test of Tailings

Indicators that characterize the physical properties and status of tailing sand mainly
include 3 basic indexes, 4 liquid plasticity indexes and 6 other conversion indexes. The
basic indicators include moisture content (w), density (q) and particle specific gravity
(Gs). According to the test requirements of different indicators [6], respectively,
selected a large number of undisturbed sand and sand tailings dam disturbance test.

Liquid plastic indexes include liquid limit (wL), plastic limit (wP), plastic index (IP)
and liquid index (IL). Test is based on FG-III photoelectric liquid plastic limit combined
measuring instrument. Cone quality is 76 g, and the cone angle is 30°. When testing,
take 250 g tailings sample, all over the 0.5 mm (35 mesh) sieve. 200 g samples were
divided into three parts, and 3 soil paste with different water content were modulated by
pure water. Experiment was carried out after resting 12 h. Three kinds of tailings
samples with different water content are tested. Cone depths of 3 points are controlled
at 3–4 mm, 7–9 mm and 15–17 mm respectively. Taking water content as abscissa,
cone penetration depth as ordinate, drawing relation curve in double logarithmic
coordinate system. The result is shown in Fig. 3.

Table 3. Quantitative calculation results of tailings gradation characteristics

Group A B C D E

Cu 6.561 5.469 9.771 16.682 13.845
Cc 1.087 1.121 2.221 1.214 2.430
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In Fig. 3, when the cone depth is 10 mm, the corresponding water content is the
liquid limit, and the corresponding water content at the depth of 2 mm is plastic limit.
Therefore, the liquid limit wL of the tailings is 26.7. And the plastic limit wP is 16.1.
The corresponding plasticity index is: IP = wL–wP = 10.6, between 10–17, so the
sample belongs to tail silty clay. Liquid index is: IL = (w–wP)/(wL–wP) = 0.47. Located
in the range of 0.25–0.75, the soil in a plastic state.

In addition, other physical property conversion indexes are void ratio (e), porosity
(n), dry density (qd), saturation (Sr), saturation density (qsat), and effective density (q0).
The indicators are summarized in Table 4.

4 Basic Mechanical Properties Test and Analysis of Tailings

The mechanical property index of tailings is an important basic data for quantitative
analysis of slope stability of tailings dam. It mainly includes shear strength charac-
teristic index and seepage characteristic index.

4.1 Shear Strength Characteristics

Shear strength of soil is the key factor to determine the stability of tailings dam.
According to the Mohr - Coulomb strength theory, cohesion and internal friction angle
are the main indexes affecting the shear strength of the dam. Soil shear strength test
indoor mainly direct shear test, triaxial shear (compression) test and unconfined

Fig. 3. Curve of cone sinking depth and water cut

Table 4. Test results of basic physical properties of tailings

Index Unit Value Index Unit Value

w % 21.04 e —— 0.77
Sr % 75.14 n —— 0.44
qsat g/cm3 1.98 wL % 26.7
q g/cm3 1.88 wP % 16.1
qd g/cm3 1.55 IP —— 10.6
q0 g/cm3 0.98 IL —— 0.47
Gs —— 2.75 —— ——
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compressive strength test [7]. Tailings dam and its foundation strength index category
should be calculated according to the difference of soil strength, according to the test
method required in document [6].

(1) Selection of test methods

Soil shear strength depends on the effective stress, not the total stress. Therefore, the
effective stress method is adopted to calculate the shear strength [8]. Tailings plastic
index Ip is greater than 10, which belongs to cohesive soil. Under natural conditions,
saturation is less than 80%. Therefore, the direct shear apparatus or the three axle tester
should be used to test the shear strength. Normally operated tailings dam will gradually
complete drainage consolidation under the action of self-weight. The corresponding
test method should be used drainage consolidation method.

For the tailings, such as phosphorus tailings, which contains more clay particles.
Direct shear and triaxial shear strength test results are slightly different. However, the
direct shear device is simple in structure and easy in operation. It is also suitable for the
preparation and drainage of samples. It is the most direct method to test the shear
strength of soil samples at present [9].

According to the differences of field drainage conditions, the direct shear test is
divided into three types: fast shear (Q), consolidated quick shear (CQ) and slow shear
(S). Among them, the slow shear (S) method allows the specimen to be drained and
consolidated under vertical pressure, and then rapidly applies the horizontal shear stress
to destroy the specimen.

(2) Process and content of the test

Equivalent strain-shear device of EDJ-1-type produced by Nanjing Soil Instrument
Factory was used in the experiment. According to the requirements of soil test methods,
standards and procedures, 4 groups of tailings clay samples were prepared with ring
diameter 6.18 cm and high 2 cm ring knife respectively. Then grading pressure is
recorded at 100, 200, 300 and 400 kPa respectively to record vertical deformation
readings. After consolidation of the sample is stable (the vertical deformation readings
per hour do not change beyond 0.005 mm), start the stopwatch and shear at a rate of
0.02 mm/min. Until the dynamometer readings stabilized or significant back, said the
specimen has been cut loss. The formula is: ss = (CR/AS)*10. Where: ss-Shear stress,
KPa; C-Dynamometer calibration coefficient, N/0.01 mm; R-Ergometer reading,
0.01 mm; As-Sample area, cm2; 10-Unit conversion factor.

(3) Test results and analysis

With shear stress as ordinate and shear displacement as abscissa, curves of shearing
stress and shearing displacement are plotted under different saturation states, as shown
in Fig. 4.

Take the peak point of each curve in Fig. 4 as the shear strength s. The relationship
between s and vertical pressure P is shown in Fig. 5. Linear fitting results show that the
fitting degree R2 is 0.999, and the test data accuracy is higher. Dip angle of the straight
line in the drawing is the internal friction angle of the tailings sample us. Intercept of
the line on the ordinate axis is cohesion cs.
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According to the above test method and procedure, the cohesion force and internal
friction angle of tail silt and tail sand can be further measured. See Table 5.

Shear strength test results show that as the clay content of the tailings increase, the
cohesion tends to increase, whereas the internal friction angle seems to decrease
gradually [10]. As clay content (small particle size) of the tailings increase, the
structural bond between the particles tends to stronger, and the cohesion seems to
greater gradually. Similarly, the particle surface tends to more smooth, that is, the
frictional force between particles is small.

Fig. 4. Curves of shear stress and shear shift under different saturated conditions

Fig. 5. Relationship between shear strength and vertical pressure at different saturation

Table 5. Test results of shear strength of tailings sand

Tailings name Saturation is
less than 80%

Saturation of
80% and above

cs(KPa) us(°) cs(KPa) us(°)

Silty clay 9.8 29.0 8.0 27.0
Powder 9.1 31.0 7.2 29.0
Fine sand 7.84 34.0 6.0 32.0
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4.2 Seepage Characteristics

The permeability of tailings directly affects the seepage rate and soil saturation in dam
body. It is closely related to the shear strength and deformation of dam slope soil.
Permeability coefficient is the main parameter for characterizing permeability. In
general, the smaller the permeability coefficient is, the slower the velocity of the pore
pressure dissipates, the more easily the dam will be liquefied.

Tailings sample material (tail silty clay) belongs to fine grained soil (clayey soil and
silty soil). So that variable head method is used for seepage test. South -TST55 type
penetration instrument was selected as test instrument. Its dimensions are: / 118 mm
(except for pipe mouth), height about 155 mm. Specimen size: / 61.8 mm, high
40 mm, sectional area 30 cm2. According to the requirements of reference [9], tests
were made on tailings silty clay, tailings powder and tail fine sand. Each type of tailings
are tested 6 times. In the measured results, 4 values within the allowable difference are
selected. Then the mean value is taken as the permeability coefficient of the pore ratio,
and the result is shown in Table 6.

Table 6 shows that as the clay content of the tailings increase, the permeability
coefficient tends to decrease. And the difference is much larger than the shear strength
parameters, up to several times.

5 Conclusions

(1) Phosphate tailings particles are very fine, particle size and its content was
approximately Gauss distribution. Tailings sand particle size distribution is good,
continuous distribution evenly. It shows that the anti-earthquake liquefaction
performance is good, which is in favor of the long-term stability of the dam body.

(2) The analysis results of tailing particles coincide with the test results of shear
strength. The results show that the as the clay content of the tailings increase, the
cohesion tends to increase, whereas the internal friction angle and the permeability
coefficient seem to decrease gradually. Analysis results show that these are related
to the content of clay particles in tailings.

(3) Therefore, the scientific and reasonable tailings discharge in accordance with the
grain gradation and physical and mechanical properties of tailings, have an
important influence on the stability of the dam.

Table 6. Tailings permeability coefficient

Tailings name Permeability coefficient(cm/s)
A B C D Average value

Silty clay 1.15 1.05 1.25 1.3 1.19 � 10−4

Powder 3.5 3.75 3.6 3.7 3.64 � 10−4

Fine sand 1.35 1.2 1.25 1.2 1.25 � 10−3
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Abstract. The electrical resistivity of soil is one of the comprehensive indexes
of the inherent property of soil, which has important theoretical signification and
application value. The measured methods of soil electrical resistivity mainly can
be divided into two groups: laboratory tests and in-situ tests. The in situ testing
has been widely used in geotechnical site characterization due to its high
accuracy and repeatability. Especially the emergence and development of
resistivity piezocone penetration test (RCPTU), the RCPTU becomes the main
tool of in situ measurement of the electrical resistivity of soil due to its not only
include a conventional piezocone penetration test, but also provides a contin-
uous profile of electrical resistivity. The objective of this paper was to compare
the different methods for measuring the electrical resistivity of soil. First, the
principle of the electrical resistivity of soil was briefly presented. Then, the
comparison of different electrical resistivity measurement methods of soft
marine clays was made based on the Ningbo marine clay and the advantages and
disadvantages of various measured methods were also analyzed and summa-
rized. The results of comparative analysis was verified the reliability of soil
electrical resistivity measured by RCPTU.

Keywords: Electrical resistivity � Piezocone penetration test
Site characterization � Soft marine clay

1 Introduction

Electrical resistivity is the basic parameter to describe the conductivity of soil. It is
closely linked to other soil physical and mechanical parameters. Soil resistivity can
reflect the composition and structure characteristics of soil [1]. It can quickly and
accurately obtain the soil structure index, quantitative analysis of soil structure char-
acteristics, and finally establish a reasonable model to determine the soil engineering
mechanics characteristic parameters. The value of electrical resistivity depends on soil
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porosity, pore shape, pore fluid resistivity, saturation, water content, particle compo-
sition, shape, orientation and cementation [2]. With development of a practical appli-
cation of electrical resistivity theory, resistivity measurement methods have been
increasingly and widely used to solve engineering and environmental problems,
including soil micromorphology [1, 3], pollution characteristics [4], and soil lique-
faction [5], and geotechnical parameters evaluation [6]. Particularly, the advanced
resistivity piezocone penetration test (RCPTU) has been widely used in geotechnical
site characterization due to its high accuracy and repeatability.

Due to the difficulties in obtaining high quality undisturbed samples in laboratory
testing, the in situ measurement methods of electrical resistivity have been became a
primary choice. Electrical logging, symmetrical quadrupole vertical electrical method
and RCPTU test are the primary and common in situ measurement methods of elec-
trical resistivity and are therefore considered in this study. In the face of many testing
methods, different literatures do not unify the method of soil resistivity measurement.
The different factors affecting the measurement of soil resistivity are compared with the
quadrupole method and the dipole method by Zhou et al. [7]. The two electrical
resistivity inversion techniques has been applied for geotechnical site investigation by
Wisén et al. [8]. However, the different of electrical resistivity measurement techniques
will result in different testing results. In practice, there are many different kinds of
electrode arrays or configuration that one could use in the field. The typical electrode
arrays are including Wenner, Schlumberger, Pole-pole and Dipole-dipole. Whether the
method of electrical resistivity test is correct or not and the accuracy of the test results is
very important to the analysis of soil properties.

The purpose of this study was to compare different electrical resistivity measure-
ment methods of soft marine clays. The four kinds of measurement methods of electric
logging, symmetrical vertical electrical measurement method, RCPTU, laboratory test
were compared and analyzed based on engineering site of Ningbo Metro Line 5 station
road. The results can not only provide reference and guidance of the test methods and
equipment of soil resistivity, but also eventually provide reliable parameters for the
engineering design and construction.

2 Soil Resistivity Theory

Archie (1942) firstly studied the relationship between soil resistivity and its structure,
and established the relationship model between resistivity and pore water resistivity [9].
The model is suitable for saturated cohesionless soil and pure sand. Specific equations
are as follows:

q ¼ aqwn
�m ð1Þ

where q is soil resistivity; a is soil parameters; qw is pore water fluid resistivity; n is soil
porosity; m is cementation coefficient.
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Electrical resistivity of soils is not measured directly, but can be inferred from the
measured voltage across an electrode, pair at a constant supplied current (I). The soil
resistance, R, can be computed by Ohm’s law, as follows [10]:

R ¼ V
I

ð2Þ

where R = resistance, I = electric current, and V = electric potential difference.
However, the measured resistance is not an intrinsic property and it depends on the

area of the cross section (A) and of the current path length (L). The electrical resistivity,
q is then a fundamental soil property which can be defined as:

q ¼ A
L
R ð3Þ

3 Geological Conditions and Basic Soil Parameters

The site is located in Ningbo Metro Line 5 station road. The Ningbo City is located in
the coastal plain and is widely distributed marine sedimentary soft soil. There is a
weathered hard crust layer of 1 to 1.5 m. The soft soil layer below the hard crust is
mainly composed of clay, muck, mucky clay and mucky silty clay. The mucky soil has
typical characteristics of soft soil with high water content, large pore ratio and high
compressibility. Table 1 summaries the main physical properties of cohesive soils in
investigated sites.

4 Testing Method

4.1 Electrical Logging

The test equipment is adopted JDC-1 type resistivity logging instrument and its sup-
porting device of JDX-1 soft electrode. The instrument connecting underground ground
electrode system, and supporting the use of PC, can measure the apparent resistivity
and natural potential parameters. The field test is shown in Fig. 1.

Table 1. Main physical properties of cohesive soils.

Soil layer c (kN/m3) w (%) wL (%) wP (%) IL
Clay 19.2 30.7 40.4 22.6 0.46
Mucky clay 17.2 50.1 42.4 19.1 1.41
Mucky silty clay 16.9 49.2 36.5 15.2 1.76
Clay 18.9 34.4 40.0 20.8 0.64
Silty sand 19.4 27.5
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4.2 Quadrupole Vertical Electrical Method

This study adopts the type of WDDS-1 digital resistivity instrument. The way it works:
the electrical resistivity can be calculated by the measurement of the potential differ-
ence (V) of each electrode and supply current (I) using the formula (2). The method
provides underground the artificial electric field and changes the power supply elec-
trode pitch based on the electrical difference of stratum. Thus it can be obtained the
apparent resistivity curve of each measuring depth. The q values of different depths can
be calculated using the weighted average method based on the values of thickness and
resistivity values of each electrical layer.

q ¼ q1 � h1 þ q2 � h2 þ � � � þ qi � hi
h1 þ h2 þ � � � hi ðX �mÞ ð4Þ

Where qi = soil resistivity of ith layer (X �m); hi = thickness of ith layer (m).

4.3 RCPTU Testing

RCPTU field tests were conducted using g a lightweight truck with a 20 ton capacity
hydraulic system, as per American Society for Testing and Materials ASTM D5778
(ASTM 2012). The RCPTU system was consist of a hydraulic pushing and leveling
system, 1-m length segmental rods, cone penetrometers and a data acquisition system.
The dimensions of the probe are: diameter 35.7 mm, conical tip area 10 cm2, and
friction sleeve area 150 cm2, and the data was collected every 5 cm. The cone tip
resistance (qc), sleeve friction (fs), penetration pore pressures (u2) behind the tip at the
shoulder, and q were be simultaneously measured in the process of penetration. The
field RCPTU test with the resistivity piezocone probe with a four-electrode array are
shown in the Fig. 2.

4.4 Soil Sampling and Laboratory Testing

High quality soil samples were taken at different depths for laboratory testing. The soil
samples were collected by averages of a stationary piston sampler 76 mm in diameter
at 1.0 m interval from ground level to the penetration depth, When the Shelby tube
sampler was withdrawn from the borehole, the soil sample at the end of the tube was
excavated with waxing sealing at both ends.

Fig. 1. Field test of electric logging method
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Laboratory test was tested by Wenner equidistant quadrupole method (Fig. 3). The
small electrodes are buried in the four small holes arranged on the measured surface
soil. The current I flows into the outer two electrode, while the potential difference V
between the two inner electrodes can be measured by a potential difference meter or a
high resistance voltmeter. Soil resistivity is calculated as follows:

q ¼ 4paR

1þ 2a
ffiffiffiffiffiffiffiffiffiffiffiffiffi

a2 þ 4b2
p � a

ffiffiffiffiffiffiffiffiffiffiffiffi

a2 þ b2
p

� � ð5Þ

where R = measured resistance; a = straight line spacing; b = buried depth of
electrode.

5 Analysis of Test Results and Discussion

5.1 Test Results of Electrical Logging

According to the test results of electrical logging, the variation curves of electrical
resistivity with depth are obtained. The test results are shown in Fig. 4.

It can be seen from Fig. 4 that there is a 1.5 m weathered crust layer, commonly
referred to plain fill; underlain by silt clay of 5.5 m, the average value of q is
5.02 X �m; Mucky silty clay, clay and silt sand are also distributed in the lower
part. The q of soil changes obviously with the changing of soil layer. The q value is

Fig. 2. Schematic diagram of field RCPTU test

V

I

a a a b

Fig. 3. Schematic diagram of resistivity test device
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larger in surface clay and mucky silty clay, and decreases with the depth. The q value
of surface clay is very high, the average value can reach 5.62 X �m. The q value of
silty sand layer is the lowest with average value of 4.09 X �m. The results indicate that
the soil electrical resistivity decreases with the increase of porosity.

5.2 Test Results of Symmetrical Quadrupole Vertical Electrical Method

The test result of resistivity profile is shown in Fig. 5. Taking the thickness of each
electrical layer as the weight to weight average and obtaining the soil electrical
resistivity values of 1 m, 2 m, 5 m and 10 m in each electrical sounding (Table 2).
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Table 2. Test results of soil resistivity in shallow soil

Physical point Soil resistivity (X �m)
1 m 2 m 5 m 10 m

D1 23.9 16.2 10.6 7.1
D4 19.6 20.8 13.0 8.0
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It can be seen from the Table 2 that the range of q value in 1 m is 4.7 to 23.9 X �m
with an average value of 11.7 X �m; the range of q value in 2 m is 6.4 to 20.8 X �m
with an average value of 10.9 X �m; the range of q value in 5 m is 6.4 to 13.0 X �m
with an average value of 8.7 X �m; the range of q value in 10 m is 4.6 to 8.0 X �m
with an average value of 5.7 X �m. The maximum test depth is 10 m and the electrical
resistivity decreases with the increasing of depth, which is closely related to soil
layering and soil properties. But compared with electrical logging method, its soil
electrical resistivity values are greater.

5.3 Test Results of Resistivity Piezocone Penetration Test

According to RCPTU test results, the curves of electrical resistivity along depth are
shown in Fig. 6. As can be seen from Fig. 6, the q changes obviously with the change
of soil layer. The q values are larger in mucky clay and decreases with the increasing
depth. In silty sand, the varied range of are great and the range of q values are 7.05 to
12.55 X �m. The q values of surface clay are very high and the average value is up to
10.55 X �m. The electrical resistivity of mucky clay below surface clay is the highest.
The q values of silty sand are low with average value of 7.05 X �m. The electrical
resistivity is closely related to properties of soil layer.

5.4 Comparison and Discussion

Combined with laboratory test, the results are plotted in Fig. 7. It can be noted that the
trends of q along the depth between schlumberger vertical electrical test and electric
logging method is basically the same. The trend of RCPTU results and laboratory test
results are high consistency. By contrast, the deviation of electrical logging method
from laboratory test results is large, and the vertical electric method deviates from
laboratory test results with small amplitude. The results show that the RCPTU is closer
to the laboratory tests and verify the RCPTU is a promising in situ method to measure q
of soil.
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6 Conclusion

The three kinds of in-situ test of electric logging, schlumberger vertical electrical
measurement method and resistivity piezocone penetration test were performed in the
site of the Ningbo City Metro Line 5 project. The in situ results were compared with
laboratory tests and the following conclusions are obtained:

(1) The electrical resistivity changes with the change of soil properties, and the soil
resistivity decreases gradually from ground surface to bottom. It can be seen that
the electrical resistivity reflects the change of soil structure and strength to a
certain extent. The change of soil electrical resistivity can be used as a reference
parameter for soil classification and soil layer stratification.

(2) The soil electrical resistivity is closely related to the structure and strength. It can
reflect the basic physical and mechanical properties, such as soil water content,
saturation, porosity, compaction, consolidation and permeability characteristics.
The electrical resistivity is an important parameter in the analysis of geotechnical
testing.

(3) The electrical resistivity measured by RCPTU test is between the other in situ
methods and is basically close to laboratory test. Therefore, the RCPTU can be
used for predicting geotechnical parameters. With the development of theoretical
study on soil electrical resistivity, RCPTU test technology will be widely used in
geotechnical situ investigation due to its rapid, in-situ and high accuracy.
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Abstract. The penetration processing of piezocone penetration test (CPTU) is
very important for the analysis of stress-strain of soil bentonite cutoff wall
(SBCW) in landfill site. In this paper, CPTU is conducted in the soil bentonite
cutoff wall, which is located in Jiangsu province, China. A finite-element pro-
cedure is also used to analyze the processing of penetration. The Modified Cam
Clay model was adopted to represent the stress-strain response of the
soil-bentonite backfills. In this model, a tube was added to the bottom of the cone.
This study shows that the largest value of radius stress is in the shoulder of cone.
And the influenced domain of PEMAG is ten times of the cone radius.

Keywords: Cutoff wall � CPTU � Penetration � Bentonite � Landfill site

1 Introduction

Soil-bentonite backfills have been widely employed in Geotechnology engineering
applications to control the contamination for landfill site [1–3]. The soil-bentonite is
becoming more and more common for these backfills are typically cheaper that treatment
systems and cause less risk of contaminant exposure during the construction [4]. The
hydraulic conductivity, compressibility and strength are very important considerations
for the soil-bentonite backfills [5, 6]. Chai et al. [7] predicted the coefficient of consol-
idation from non-standard piezocone dissipation curves by finite-element procedure.
Baligh [8] assumed that the soil deformation caused by CPT may be determined with
reasonable accuracy purely from an incompressibility requirement. Most of the studies
were conducted using laboratory technology to evaluate the above parameters [9–11].

Piezocone penetration test (CPTU) is gaining wide acceptance due to its reliability,
accuracy and continuous data acquisition [12–14]. The cone is firstly penetrated into
soil and then pause a lot for the dissipation of pore water pressure. However, the
penetration processing of cone is also very important, because the stress-stain behavior
is changed by the penetration [15, 16].

This paper presents a finite-element approach for the analysis of the penetration
processing of piezocone penetration test in soil bentonite cutoff wall. The main purpose
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of the present study is to investigate the stress-strain behavior of the SBCW. A tube
with the radius of 1 mm added to the bottom of cone is been used in this model [17].
This paper shows the largest value of radius stress is in the shoulder of cone. And the
influenced domain of PEMAG is ten times of the cone radius.

2 Materials and Methods

2.1 Constituent Materials

The backfills were comprised of 95% in-situ excavated soil (dry weight) and 5%
bentonite (dry weight). The water content of the soil bentonite backfills was 50%
corresponding to 125 mm slump according to the laboratory tests using a standard
300 mm slump cone. The particle-size distributions of the constituent materials are
shown in Fig. 1. The soil bentonite cutoff wall has the properties with 10 m depth,
0.6 m width, and 15 m length.

2.2 CPTU Test

The piezocone penetration tests were performed using a lightweight truck with 20-ton
capacity hydraulic system. The equipment was operated with a rate of penetration of
20 mm/s. The cone tip resistance (qc), sleeve friction (fs), and pore water pressure at the
should of the cone (u2) can be obtained by CPTU technology [18, 19].

2.3 Finite Element Technology

The Modified Cam Clay (MCC) model was adopted to represent the stress-strain
response of the soil bentonite backfills. The corresponding model parameters of the soil
are listed in Table 1. c, k, j, M and m represent the value of total unit weight, slope of
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consolidation line in e - lnp′ plot (p′ is the effective mean stress), slope of rebound line
in in e - lnp′ plot, stress ratio at failure and Poisson′s ratio respectively. e0 represent the
initial void ratio (the value of top or bottom surface of soil is 0.96 and 0.54).

The penetration speed simulated in the modeling was assumed to be constant at
20 mm/s as same as the speed of CPTU in suit test. The overall penetration depth of the
piezocone was 5 m. Figure 2 shows the typical deformed mesh of the model with
different penetration depth. The tube with a radius of 1 mm is added at the bottom of
the cone. The model is corrected and can be used in the next study.

3 Results and Discussion

3.1 The Radial Displacement

Figure 3 gives the radial displacement of soil bentonite backfills with different pene-
tration depths. The data are obtained from the contours of radial displacement at the
end of penetration (t = 100 s, depth is 5 m). In this Figure, D represents the distance
from the periphery of the cone. D = r0 or 2 r0 represent the distance of one or two times
the radius of the cone from the periphery of the cone. The maximum radial displace-
ment is 0.0052 m, 0.0023 m when the distance is r0 and 2 r0 respectively. And the
maximum value is located in the shoulder of the cone.

Table 1. Corresponding model parameters for the study

c (kN/m3) k (cm/s) k j M e0 m

17.7 4.1E-8 0.1 0.01 1.2 0.96, 0.54 0.33

Fig. 2. The typical deformed mesh of model
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3.2 The Radial Stress

Figure 4 shows the contours of radial stress of soils at the end of penetration with the
penetration time 100 s. Figure 5 gives the radial stress of soils with different pene-
tration depths. The maximum radial stress is 432 kPa, 244 kPa when the distance is r0
and 2 r0 respectively. And the maximum value is also located in the shoulder of the
cone. D = r0 or 2 r0 represent the distance of one or two times the radius of the cone
from the periphery of the cone.

The radial stress with different distance from the periphery of cone is shown in
Fig. 6. Four different locations (Location A, Middle location, cone shoulder and cone
tip) are listed in the Figure respectively. It notes that Location A is located at a distance
with one time the radius of the cone from cone shoulder along the positive direction of
the Y axis. Middle Location is located at the middle between the cone shoulder and
cone tip. The results show that the radial stress decreases as the distance increases and
the maximum value is at the cone shoulder.

3.3 Plastic Strain Magnitude (PEMAG)

Figure 7 gives the contours of plastic strain magnitude (PEMAG) at the end of pen-
etration (t = 100 s, depth = 5 m). The maximum value is 1.141 from the contours.
Figure 8 shows the PEMAG with different distance from the periphery of cone. When
the distance from the periphery of cone is 0.18 m, the value of PEMAG is only 0.02.
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The results present the uninfluenced domain in this model is 0.18 m. The PEMAG
value in this study shows the influenced domain is about ten times radius of cone.
And the value of PEMAG in cone shoulder is also larger than value of cone tip as the
same as the previous conclusion.

Fig. 4. Contours of radial stress
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4 Conclusion

A finite-element procedure can be effectively used to simulate the CPTU penetration
processing in soil bentonite cutoff wall. A tube with a radius of 1 mm was added to the
bottom of the cone in this model. The paper shows that the radial displacement, radial
stress and PEMAG at cone shoulder are larger than those located at cone tip and
Middle location. And the paper also shows that the influenced domain of PEMAG is
about ten times of cone radius.

Fig. 7. Contours of PEMAG at the end of penetration
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Abstract. The effect of cyclic loading on the strength of the soft soils is
considerable in in-situ tests of offshore engineering. Parameters obtained by
T-bar cyclic penetration test are crucial to evaluate the undrained shear strength
of original and disturbed soil, due to solving the error caused by the very low
resistance and the correction of overburden pressure in piezocone test (CPTU).
Results of a series of tests which consist of T-bar penetration tests, vane shear
tests and CPTU at Fujian hydraulic reclamation sites are presented in this
research. The determination of the undrained shear strength (su) based on T-bar
penetration tests is validated by the data from vane shear tests. It is shown that
the bearing capacity factor (NT-bar) is limited from of 9 to 10, which is identical
with the theoretical value. The T-bar penetration test is shown to be effective
comparing with CPTU.

Keywords: T-bar penetration test � CPTU � Hydraulic reclamation
Undrained shear strength

1 Introduction

With the focus on marine development over the last few decades, offshore engineering
gradually developed into the deep sea, at the same time the scale of marine engineering
is also increasing. This puts forward higher requirements for the investigation of soil
bearing capacity, especially the effect of cyclic loading on marine engineering design
[1]. In general, deep-sea sedimentary clay have the characteristics of low shear
strength, high sensitivity, low surface strength (<20 kPa) and shear strength increasing
with depth (1–2 kPa/m) [2], which makes it difficult and costly to obtain high-quality
undisturbed soil samples. These factors make the determination of design parameters
more and more dependent on the in-situ testing, and one of the most widely used in-situ
testing is piezocone penetration testing (CPTU) [3].

CPTU technology has the features of speed, economy and feasibility. Not only can
be used for accurate soil classification, CPTU can also be used to estimate undrained
shear strength, over consolidation ratio, sensitivity, compression modulus, shear mod-
ulus, consolidation coefficient permeability, coefficient and other characteristics of soils.
Hence the widely use of CPTU in soft soils engineering [4]. The in-situ test equipment
has been developed with the improvement of marine engineering, in order to meet the
deep sea operations. In 1994, Randolph proposed full-flow penetrometers based on
full-flow theory, in order to solve the accuracy decreased in offshore CPTU [5].
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This paper performed T-bar penetration tests in Fujian hydraulic reclamation sites,
and studied in detail feasibility of the tests for determining undrained shear strength and
sensitivity.

2 Full-Flow Penetrometer

Vane shear test and CPTU were two of the in-situ testing techniques used in offshore
engineering. The vane shear test has significant disturbances on soft soils to affect the
feasibility of the test. And it shows that the accuracy of the data obtained by CPTU is
reduced as the water depth increases, from a large number of CPTU data. Reasons for
this perturbation are pointed out by Randolph [2]:

(1) The penetration resistance is too low leading to lower measurement accuracy,
compared to the high pressure environment under the sea.

(2) The contribution of verburden stress to the cone resistance.

To solve the problems, Randolph et al. proposed a new type of full-flow pen-
etrometers. Kinds of full-flow penetrometers are shown in Fig. 1, including T-bar, ball
and plate [6–8].

At present, the standard mainly used of T-bar penetration tests is NORSOK G-001
(Standards Norway 2004). It Stipulates that a T-bar penetrometer should have the shape
of 40 mm diameter and 250 mm length, which gives a projection area of 10 000 mm2.

3 Parameter from T-bar Penetration Tests

3.1 Undrained Shear Strength

The correction of net resistance (qT-bar) against the overburden pressure is shown as
Eq. 1 [9]:

Fig. 1. T-bar, ball and plate full-flow penetrometer
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qT�bar ¼ qm � rv0 � u0 1� að Þ½ �As

Ap
ð1Þ

where: qm is the penetration resistance; u0 is the hydrostatic pore pressure; a is the
interface friction ratio; As is the cross sectional area of the shaft; Ap is the projected area
of the penetrometer.

Undrained shear strength (su) can be estimated as Eq. 2, by using net resistance
(qT-bar) and T-bar resistance factor (NT-bar).

su ¼ qT�bar

NT�bar
ð2Þ

where: qT-bar is the net resistance after the correction; NT-bar is the bearing capacity
factors for the T-bar.

Results of resistance factor based on upper and lower bound theory are shown in
Fig. 2, including CPTU, T-bar and Ball [10]. The resistance factor N = qu=suð Þ is a
function of the interface friction ratio (a). Obviously, the resistance factors of T-bar
from both upper and lower bound theory are practically the same.

Martin and Randolph et al. originally studied the NT-bar [11]. The quadratic and
linear fit of resistance factor of T-bar (NT-bar) to interface friction ratio (a) based on the
upper bound theory are obtained:

NTbar�ideal � 9:14þ 4:14a� 1:34a2 ð3Þ

NTbar�ideal � 9þ 3a ð4Þ

Zhou and Randolph et al. argue that the soft soil will produce a relatively high
strain rate and strain softening will occur when the soft soil flows through the surface of
T-bar [12]. Therefore, the effects of strain rate and strain softening should be taken into
account when determining the bearing capacity.

Fig. 2. Theoretical factors for cone, T-bar and ball
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Studies by DeJong et al. (2011) have been carried out on determining bearing
capacity factors for various sites and comparing them to the theoretical values and to
results from the direct simple shear (DSS) and the vane share test (VST) [13]. Results
from Australia, Norway, west Africa and Canada was reported, and it was shown that
the bearing capacity factors derived from laboratory tests and in-situ tests were larger
than the theoretical values. For the particular engineering condition, theoretical values
are unreliable, and it should be derived with empirical methods. The laboratory tests on
high quality samples and other in-situ tests should be carried out for the correcting of
bearing capacity factors.

3.2 Sensitivity

Resistance can be measured in the process of pulling up in T-bar penetration tests,
therefore a cyclic penetration test can be carried out in a certain depth range by
repeating the penetration and pull-out and recording the resistance value. With the
progress of the cyclic tests, the disturbance of soft soils gradually accumulates, and the
strength stabilizes at a particular value after about 10 cycles. Studies of data from
Australia and Norway offshore sites are reported by Einav and Randolph in Fig. 3 [14].

The sensitivity of the soft soils can be measured by cyclic penetration tests as Eq. 2:

ST ¼ su
sur

¼ qin
qrem

ð5Þ

where: su is the undrained shear strength of undisturbed soil; sur is the undrained shear
strength of remolded soil; qin is the penetration resistance for the initial penetration;
qrem is the penetration resistance at the end of the cycle.

Fig. 3. Calibration of degradation model from cyclic T-bar tests
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4 Field Test

4.1 Sites

The tests were carried out in a sea reclamation project located on the Lianjiang County,
Fuzhou City shown in Fig. 4. The topography of the site was originally coastal beach,
while the hydraulic reclamation project was commenced in 2014. During the project,
the ground was pre-filled till 8 m depth by organic soil which had a characteristic of
very low share strength, high compressibility, water content and plasticity index. The
sites was covered with sand (1.5 m–2.0 m thickness of fill). The tests were initiated
after two years’ self-weight consolidation, and no ground improvements were used
under these fields during this period. Soil types from top were filled sand, miscella-
neous fill, organic soil, silty clay, silt, round gravel, gravel layer.

4.2 Equipments

Piezocone and T-bar penetrometer were used in this study. The equipment used was
developed by institute of geotechnical engineering, Southeast University shown in

Fig. 4. Location of site in Fujian

Fig. 5. (a) Equipments, (b) Pre-embedded pipe
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Fig. 5(a). The T-bar probe was constructed by hardened stainless steel with a diameter
of 40 mm, a length of 250 mm, and a projected area of 100 cm2.

As the ground was covered by sand layer, the T-bar penetration tests had to be
carried out in a pre-embedded pipe, in order to ensure that the penetration process
proceeded smoothly as Fig. 5(b).

5 Typical Resaults from T-Bar Penetration Tests

The study was conducted including T-bar penetration tests, CPTU and VST
GB50021-2001. Some examples of the tests are shown in Fig. 6 respectively.

According to the CPTU data, the ground can be divided into sand, organic soil, clay
and gravel. The values of qc are very low and close to zero in soft organic soil.
Relatively, the qT-bar values can obviously reflect the intensity changes. It shows that
the T-bar penetration tests are more reliable than CPTUs in very soft soil.

Bearing capacity factors can be determined from the qT-bar values and the results of
VST using Eq. 2. To support the determination of NT-bar values, VSTs were set at a
distance of 1 m from each T-bar penetration test. The calculated data for NT-bar of the
spot determined by VST data is 9.5. The results of bearing capacity factors versus are
distributed within the range of 9 to 12, which is consistent with the study of Lunne [15].

A typical cyclic test result is shown in Fig. 7. The cycles were conducted at 3.8 m
and 6.8 m with a depth of 1 m. Process of penetration and extraction cycle leads to
significant loss in strength. Soil softens to a fully remoulded state after 5–10 cycles,
while the strength tends to be stable. The share strength in each cycle calculated with
NT-bar is shown in Fig. 7b.
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The sensitivity ST can be determined from cyclic T-bar penetration tests as Eq. 5.
The ST of this sample spot is 1.51 in 3.8–4.8 m, and 2.12 in 6.8–7.8 m, similar to VST
result, which is 1.50 in 3.8–4.8 m, and 2.04 in 6.8–7.8 m. Generally, the difference
between ST results measured by T-bar penetration test and VST is within 10%. There
shows a high feasibility of T-bar penetrometer for estimating the sensitivity of very soft
organic soil.

6 Conclusions

This paper presents the results of T-bar penetration tests on soft organic soil of
hydraulic reclamation sites in Fujian. Some results can be obtained as follows:

(1) It makes a great contribution for T-bar penetration test to compute the undrained
shear strength of very soft organic soil, since conventional CPTU results remain
very low penetration resistance. The bearing capacity factor NT-bar estimated in the
sites is within 9 to 12, conform to the theoretical value. It seems to be promised in
the use of the T-bar penetrometer in the calculation of undrained shear strength
and the sensitivity of very soft organic soil for hydraulic reclamation sites.

(2) For further study, more extensive tests were required to be conducted to provide
the experience for determination of NT-bar by empirical methods.
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Abstract. Traditional anchored-plating walls have been used for tens of years to
bear large lateral earth pressure in high embankment, slopes, etc. However,
because of its own deficiency, such as complex construction, difficult compaction
and larger deformation, the application of anchored-plating wall has been limited.
Therefore, by combining features of cantilever retaining wall with anchored
plates, a new type of retaining wall, multi-anchored-plating wall, was put forward
to overcome these questions. Integrating all cables along the height of wall in one
section into one anchorage and applying prestressing force along cables would be
main features of the type of retaining wall. In order to discuss the difference
between cantilever retaining wall, anchored plating wall and multi-
anchored-plating wall, field tests have been conducted to investigate the per-
formance. During construction, the lateral earth pressure behind wall, foundation
pressure and cable force had been monitored on site. Test results showed that the
distribution of lateral earth pressure would be changed greatly after applying
prestressed force. The main feature was the stress concentration around the
anchorage. Also, lateral earth pressure of retaining wall except anchorage point
lied between the K0 line and Ka line. It is observed that there was a serious stress
loss for pre-stressed cables because of soil compaction and cable relaxing. And
the final remained cable force was about 35–45% of design load.

Keywords: Lateral earth pressure � Lateral displacement � Surcharge
Pre-stressed force � Multi-anchored-plate retaining wall

1 Introduction

Reinforced soil walls can be broadly classified into metallic, geosynthetic and
multi-anchor categories (Miyata et al. 2009). Thereinto, the third category are
multi-anchor walls (MAWS) constructed with multiple steel plate anchors bolted to
round bar sections that are attached at the opposite end to the wall facing. Traditionally,
multi-anchored systems typically comprise a facing of some sort which is connected by
the anchor tendon to a fixed length, grouted in natural soil, or an anchor block or
deadman, placed in backfill (Abdelouhab et al. 2011). The new type of
Multi-anchor-plates retaining wall mentioned in this paper combined traditional can-
tilever retaining wall, anchored plates and cables. Because cables were placed at the
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same height in one section connected with wall face and anchored plates separately
with different length, the structure also could be named as dispersed pressure retaining
wall. By adopting this method, larger earth pressure could be divided into smaller parts
and exerted on anchor plates (Yoo and Kim 2008). Therefore, construction procedure
could be simplified greatly. Also, the lateral deformation could be decreased even
eliminated by applying prestressed force.

Because of the complexity of multi-anchor-plates retaining wall system, a series of
influencing factors, such as the placement of anchor plate and tensioning of anchorage
cable et al., would disturb the distribution of soil pressure greatly on the retaining wall.
Test results by Rowe (1952) showed that the stress concentration occurs at the anchor
level and that the pressure distribution was not triangular behind and in front of the
wall. (Goeland Patra 2008) also stated that the Rankine and Coulomb theories
underestimated the height of the center of the lateral earth pressure. This would affect
the design because of the changed moment arm when the moment equilibrium is
considered to determine the wall penetration depth, anchor force, and maximum
bending moments. (Yoo and Jung 2006) presents the results of field instrumentation on
a 7-m high anchored segmental retaining wall. The measured and the inferred hori-
zontal earth pressures showed that the horizontal earth pressures exerting on the wall
facing are approaching the at-rest state.

Despite the large number of multi-anchor walls in the world, multi-anchor-plates
cantilever retaining wall has not been reported in the open literature. One of the critical
design issues argued by designers when the system was first introduced was the design
earth pressure for use in internal stability calculations. This paper presents the moni-
toring results of the wall, including site conditions, wall construction, instrumentation,
and observed performance to reveal a type of reasonable distribution of lateral earth
pressure on the multi-anchored-plates cantilever retaining wall.

2 Field Monitoring of Multi-anchored-Plate Cantilever
Retaining Wall

2.1 Components

As shown in Fig. 1, the multi-anchored-plates retaining wall comprises three main
components such as wall facing units, anchor bar-block systems, and backfill (Fig. 1).
The retaining wall is 6.5 m height and 0.4 m width on the top with 1:0.1 slope ratio.
The width of wall heel and wall toe equals to 2.5 m and 1.5 m separately. Each
anchorage pier is connected with four pre-stressed cables with different length. And
each rod is attached to a reinforced concrete anchored plate. The standard anchor plates
are 450 mm height 1080 mm width and 300 mm thickness. The epoxy-coated
pre-stressed cable is also cemented to double-protect any possible corrosion during its
design life. Typical cable diameter is 15.2 mm. The yield strength and modulus of the
cable is 223 N/mm2 and 1860 MP are respectively. By using this type of anchorage
system, the total force can be applied in step via different cables.

The multi-anchored-plate cantilever retaining wall is designed so as to satisfy four
general modes of failure: external stability, internal stability, local facing stability, and
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global/overall stability within the framework of limit equilibrium together with the
tied-back wedge analysis (RECO 1998). The tied-back wedge analysis refers to the
lateral stability provided by the horizontal layers of anchor bar block system to anchor
the active failure wedge. Among the important design assumptions, the manufacturer of
the wall system recommends the internal stability analysis be performed assuming that
an active earth force acting on the wall facing is supported by the pullout resistance
mobilized by the anchor blocks. It should, however, be pointed out that a higher state of
stress is usually assumed in the current design approach (FHWA 1997) for
metallic-reinforced soil systems and in anchored systems than for walls with extensible
reinforcements. The main focus of the instrumentation program was to check the
validity of the design approach that assumes an active state of stress in the internal
stability analysis.

2.2 Instrumented Wall

The instrumented wall was located at a construction site for a Highway in Qingzhou,
Shandong Province, China. The entire wall section at the project site was approxi-
mately 145 m long, and a relatively straight portion was selected for instrumentation.
The instrumented wall section has an exposed height of 4.5 m with an embedment
depth of approximately 2 m. The uniform length of one section of retaining wall is
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10 m. Four anchor plates were installed at a horizontal distance from wall facing were
5 m, 9 m, 13 m, 16 m respectively. Construction of the wall followed the general
procedure for that of a typical anchored-plate retaining wall except multi-
anchored-plate installation and applying pre-stressed force.

As shown in Fig. 2, when the filling height was above 0.5 m on the location of
anchorage system, tendons and anchor plates were placed and casted into the a trench
excavated along the surface of compacted soil. Then covered cables with PVC bellows
and assembled anchorage system. Finally, backfilled and compacted the trench with
manual tamping machine. When the filling height reached the design value, apply
tension loads one by one according to the technique requirement. Finally, the pipe was
grouted with cement slurry for cables anticorrosion.

In-situ weathered granite soil available at the site was used as the backfill material.
Laboratory tests performed on the backfill material revealed that the percent passing the
No. 200 sieve was approximately 9% with the coefficients of uniformity and a cur-
vature of Cu = 12 and Cc = 1.4, respectively, and that the maximum dry unit weight
was cd;max ¼ 18 kN/m3 with the optimum water content of wopt = 14% according to the
standard Proctor test (ASTM D 698). The estimated internal friction angle and cohesion
at a density corresponding to the as-compacted state was approximately 35° and
10 kPa.

Based on the Unified Soil Classification System (USCS) the soil was classified as
SW-SM. The gravel was also extended to a distance of 300 mm behind the facing
column to create a drainage layer. Construction specification required that the backfill
material be compacted to a minimum of 95% of standard Proctor. Walk-behind
vibrating drum rollers were used to compact the backfill material located within 1 m of
the back of the wall facing, while a 10-ton drum roller was used elsewhere.

An extensive monitoring program was devised prior to construction to evaluate the
mechanical behavior of the wall. Monitored items include foundation pressure, hori-
zontal earth pressures exerted on the wall facing units and the anchor blocks and total
pre-stressed force in the anchorage, as shown in Fig. 1. All measurements were
obtained over a seven-month period of April 10, 2011–November 25, 2011.

(a)Filling embankment  (b) Excavating trench and casting anchor plate   (c) Tensioning cables

Fig. 2. The construction process of multi-plates retaining wall
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3 Test Results and Discussion

3.1 Foundation Pressure of Retaining Wall

As shown in Fig. 3, before tensioned cables, the foundation pressure on point EP3 is
the maximum, then point EP1, EP2 and EP4. With the filling height increased, the
pressure increment on point EP3 has been the most obvious. But after applied the
pre-stressed force, the pressure on point EP3 became bigger while pressure on other
points reduced. It showed that after applied pre-stressed force, the retaining wall rotated
inward around the bottom of retaining wall unlike before applied pre-stressed force.

3.2 Lateral Earth Pressure Exerted on Wall Facing

As shown in Fig. 4, the variation of distribution of lateral earth pressure during con-
struction time can be divided into three phases;

Phase I, before applied the first stage pre-stressing force, the distribution of lateral
earth pressure is more like an irregular trapezoid. From EP9 to EP8, the lateral earth
pressure of retaining wall increased quickly. From EP8 to EP6, the pressure increase
gradually. But from EP6 to EP5, the pressure decreased quickly.

Phase II, when the filling height reached 7.2 m, applied the first stage pre-stressed
force, 60% of total force. The lateral earth pressure around anchor position increased
more obviously, such as EP6–EP8. But for other points, the variation of pressure was
minus. What’s more, by compared with Ka and K0 line, before applied pre-stressed
force, most of lateral earth pressure lied between both lines. However, after applied
pre-stressed force, earth pressure around anchorage was over K0 line. This variation
could certificate the limitation effect of multi-plate retaining wall.

Phase III, when the filling height reached 8.1 m, applied the second stage
pre-stressing force, 320 kN. After applied the second force, the peak value of lateral
earth pressure got another increment. And the distribution of lateral earth pressure
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becomes more like triangular shape. At the same time, most of the lateral earth pressure
except the top and bottom could exceed the K0 line.

3.3 Tensile Force of Cables

Although the tension load is 320 kN, monitoring data showed that the final average
locked load of cables was just about 55% design load. It was mainly because soil
compression, cables relaxing and anchorage lock loss. As shown in Fig. 5, after locked,
in the first 2 months, the average drop amplitude of pre-stressing force was 25%–30%.
However, with the time extending, tendons force increased again but were lower than
locked values. Compare with the first 2 months, the average increase amplitude of
pre-stressing force was about 18% in next 2 months. And after that, the monitored force
was only about 35–45% of design pre-stressed force and fluctuated within a narrow
range.
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3.4 Lateral Earth Pressure on Anchor Plate

As shown in Fig. 6, before applied the pre-stressed force, lateral earth pressure on
anchor plates increased gradually with the increment of filling height. But after applied
the pre-stressed force, lateral earth pressure on anchor plates increased sharply. And
with the increment of filling height, the earth pressure on anchor plates also increased
gradually. Another important phenomenon is that earth pressure exerted on these four
anchor plates was different, as shown in Fig. 7. And the sequence B, C, A and D sorted
by earth pressure value can be got from Fig. 7. This is because for the farthest anchor
plate, the relaxation of pre-stressed cable is more serious, which caused the bigger loss
of pre-stressed force. However, for the nearest anchor plate, the embankment com-
pactness near retaining wall could not been guaranteed well. Therefore, the loss of
pre-stressed force was also bigger.
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4 Conclusions

This paper presents the results of field instrumentation on a 6.5-m high multi-anchored
cantilever retaining wall. Field monitoring datum showed that by applying pre-stressed
force, most of lateral earth pressure on wall facing was near even over K0 line.
Therefore, the stress state could be adjusted well and the lateral displacement was
reduced under lateral earth pressure. However, there was a larger stress loss because of
soil compaction and cable relaxing. Therefore, although applied the same pre-stressed
force for 4 different cables, the remained force of nearest and farthest cable was smaller
than other cables. And after about 8 months service, the pre-stressed force could reach a
normal stable state. And remained force was only about 35–45% of design pre-stressed
force.
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Abstract. Outlier data has attracted considerable interesting geotechnical data.
When doing classical linear least squares regression, if the regression data sat-
isfied certain regression weights, the ordinary least squares regression is con-
sidered as the best method. However, the estimating and regression results may
be inaccurate in case of these data not meeting given assumptions. Particularly
in least squares regression analysis, there is some data (outliers) violating the
assumption of normally distributed residuals. Under situation of regression data
blending to outliers, robust regression is the best fit method. It can discriminate
outliers and offer robust results when the regression data exists outliers. The
purpose of this study is to make use of robust regression method to trend
regression in geotechnical data analysis. Without defining absolute outliers from
geotechnical testing data, outlier data of undrained shear strength is detected
based on robust regression result.

Keywords: Undrained shear strength � Robust regression � Outlier data

1 Introduction

Geotechnical engineers face a number of uncertainties [1, 2]. Soil materials formed
from geological weathering processes, and by physical means to deliver the soil to the
current position [3]. In the forming process, the soil is influenced by various stress, pore
fluid, and physical and chemical changes. Therefore, it is not surprising that there are
always some outliers in geotechnical data. When dealing with geotechnical problems,
empirical correlations between in situ or laboratory test results and geotechnical
parameters are often used in geotechnical design. When establishing such empirical
correlations, mostly adopted method is regression analysis, including linear or non-
linear regression [4].

Linear least squares regression (LLR) is a modeling approach by far the most
widely used. When people say they use “regression”, “linear regression” or “least
squares” to adapt their data, they usually mean doing LLR. LLR is not only the most
widely used method of modeling, but also have adapted to a variety of circumstances,
beyond its immediate scope [5].
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A mathematical method that finds the best-fit curve for a given set of points is to
minimizing the sum of the squares of the distances of regression data deviating from
the curve. The sum of squares of the offset distances is used instead of the absolute
values of the offset distances because this allows the residuals to be treated as a
continuously differentiable quantity. Whereas, because of the use of the square of the
offset, peripheral points may have a disproportionate effect on fit. Whether the results
are desirable or not, it depends on the issue of question [6].

The statistical observations of outliers are significantly different from the other
sample values. Least-squares regression is obviously the best option if errors are
normally distributed. Then, other means is eagerly required if these errors are not
normally distributed. One particular distribution is the long tail error distribution of
great concern. One solution is still to use the LLR method after removing the largest
remaining value as outliers. However, this solution may be infeasible if several larger
residual values exist by reason that the poor nature of the outlier tests. In addition,
outlier testing is an acceptance/rejection process. The testing processes are neither
smooth or statistically efficient. Robust regression (RR) is another option for
least-squares regression in the case of the data contaminated with outliers. It can also be
used to detect influential observations when the data is exposed to outliers [7].

It is difficult to define absolute outliers from geotechnical testing data, but it is
possible to indicate the least predictable or relatively outlying data points using sta-
tistical tools. The objective of this paper is to demonstrate the advantages of RR
analysis used in geotechnical data comparing with least square regression analysis. The
procedure of RR is discussed shortly, based on LLR method. And then, Regression
analysis is operated on undrained shear strength (su) data derived from CPTU test with
both RR and LLR. Comparing regression result, the outlier of su data can be detected
based on RR method.

2 su Data from CPTU

Unlike traditional sampling and laboratory tests, the piezocone penetration (CPTU)
tests overcome the sampling disturbances with ease. In addition, comparing with
conventional sampling and laboratory tests, CPTU tests can define an profile of su
along with depth with remarkable less time and effort. Besides, the profile of su results
is nearly continuous with depth, instead of at relatively few points of sampling and
testing.

Various methods were proposed to determine su results from CPTU data. Gener-
ally, these methods can be divided into theoretical and empirical relationships. The
cone penetration into soils is a complex process. Because of the limitation of theoretical
methods applied to simulating soil behavior during cone penetration process, empirical
relationships are more favored to determine su data in this study. These empirical
relationships mainly include the direct or indirect correlations between cone penetration
resistance and su. Another reason for adopting empirical determining relationships is to
avoid too much on site and lab work.

A regular practice to determine to su is to establish a relationship between su and a
net cone resistance. The net cone resistance is defined as qt � rv0, where rv0 is the

510 J. Lin et al.



in-situ total overburden stress. The equation links su to the net cone resistance is given
as:

su ¼ qt � rv0
Nkt

ð1Þ

where Nkt is an constant quantity. Numerous studies have been conducted to determine
the proper values of Nkt. In this research, Nkt is chosen to be 12.

3 Robust Linear Regression

3.1 Procedure of Robust Linear Regression

When the error distribution is not a normal distribution, the linear least squares esti-
mation is not suitable, especially when the error has a heavy tail characteristic. The
usual approach is to remove these relatively large weight data from the observed data in
the least squares regression process. Another approach, so-called “robust regression,”
uses a more sophisticated approach that makes the method insensitive to outlier data.
The most extensively used robust regression method is m-estimate. Such estimates can
be viewed as a generalization of maximum likelihood estimates and is therefore called
“m-estimate.”

Considering the most generally linear regression model,

yi ¼ aþ b1xi1 þ b2xi2 þ . . .þ bkxik þ ei
¼ x0ibþ ei

ð2Þ

for the i th of n observations.
To estimate b for b, the linear regression form is

byi ¼ aþ b1xi1 þ b2xi2 þ . . .þ bkxik þ ei ð3Þ

and the residuals are given by

ei ¼ yi � ŷi ð4Þ

In M-estimation method, the estimator b is inferred by minimizing a specific
objective function over all b,

Xn

i¼1

qðeiÞ ¼
Xn

i¼1

qðyi � x0ibÞ ð5Þ

where the specific function q defines the weight of each residual in the specific
function.

Let u ¼ q0 be the derivative of q. u is called the influence curve. Deriving the
partial derivative of the objective function, combining with the coefficients b and
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setting the equation to zero and, then yields a coefficient estimation equation with kþ 1
rank:

Xn

i¼1

uðyi � x0ibÞx0i ¼ 0 ð6Þ

Define the weight function

xðeÞ ¼ uðeÞ
e

ð7Þ

and let

xi ¼ xðeiÞ ð8Þ

The equation of the estimated coefficient can be rewritten as

Xn

i¼1

xiðyi � x0ibÞx0i ¼ 0 ð9Þ

To solve these estimating equations is equivalent to a weighted least-squares
regression, finding min

P
x2

i e
2
i .

However, the weights depend on the residuals, the residuals depend on the esti-
mated coefficients, and the estimated coefficients depend on the weights. Therefore, the
iterative weighting least squares (IRLS) is used to solve this problem: A solution
(called iteratively reweighted least-squares), is therefore required:

Set least-squares estimates as initial estimates bð0Þ.
In every iteration t, residuals eðt�1Þ

i are determined, and corresponding weights

xðt�1Þ
i from the former iteration are also calculated.
To solve new weighted-least-squares estimates

bðtÞ ¼ X 0W ðt�1ÞX
h i�1

X 0W ðt�1Þy ð10Þ

where X is the model matrix, with x0i as its i th row, and W ðt�1Þ ¼ diag xðt�1Þ
i

n o
is the

current weight matrix.
Repeating step 2 and step 3 until the estimated coefficients tend to converge.
The asymptotic covariance matrix of b is

mðbÞ ¼ Eðu2Þ
½Eðu0Þ2� ðXX

0Þ�1 ð11Þ
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Using
P ½uðeiÞ�2 to estimate Eðu2Þ, and ½Pu0ðeiÞ=n�2 to estimate ½Eðu0Þ2� pro-

duces the estimated asymptotic covariance matrix, m̂ðbÞ (which is not reliable in small
samples).

22

20

18

16

14

12

10

20 25 30 35 40

 B

su/KPa

D
ep

th
/m

Zone 1

Zone 2

Fig. 1. su data from CPTU test
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3.2 Results of RR Regression and LLR Regression

A case study demonstrates the RR method on the su data form CPTU test. The number
of su data used for regression is about 50. Visual inspection on the su data, the outlier
data is likely located in Zone 1 and Zone 2, shown in Fig. 1. To detect the outlier data
and get a better function to describe the sus data trend with depth, RR method and LLR
method are used to regression analysis.
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The RR result is shown in Fig. 2 and LLR result in Fig. 3. Both results are pro-
vided with regression functions with 95% confidence interval. Take an inspection on
the results in Figs. 2 and 3. It is obliviously that the RR regression function has a
narrower 95% confidence interval (Fig. 2) than the LLR regression function (Fig. 3).
And the RR regression function lies in the middle of su data in the trend direction. The
su data scatters in both side of the RR regression function in equally chance. As a
contrast, the LLR regression function has a wider 95% confidence interval. And the
LLR crosses less su data than RR regression in the trend direction. Most important is
that the su data scatters more in upper 95% confidence interval than in lower 95%
confidence interval, as shown in Fig. 3. It means that the LLR is bias in such situation.
As shown in Fig. 2, data in Zone 1 and Zone 2 and Zone 3 is more likely to be outlier
data (Fig. 4).

4 Conclusion

This paper demonstrates the RR regression analysis and LLR analysis in the case that
outlier data existed in the su data. The regression analysis results show that RR method
can deal with the outlier data in su data very well. The RR regression function can give
a more desirable result than the LLR function. Usually, the RR regression function has
a narrower confidence interval than the LLR regression function. It is highly recom-
mended that RR regression analysis should be adopted in the case that there is some
outlier data existing in the geotechnical data.
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Abstract. In previous studies, the standard penetration test (SPT) has been
used to determine the compaction of sand and develop resulting correlations.
However, correlations are rarely based on the cone penetration Test (CPT),
especially those correlating with relative compaction values. Several drilling
boreholes were selected to collect samples for laboratory testing as part of the
Kuwait LNGI project. The test results showed that the relative density and fines
content exhibit a linear correlation at a specified level of relative compaction and
the samples with high fines contents yielded larger maximum density values
based on compaction tests compared with those based on relative density tests.
Moreover, a comparative analysis of the correlation between qc and the relative
density was conducted based on three methods: Jamiolkowski’s method, Baldi’s
method and Jamiolkowski’s method with a carbonate content correction. The
analysis results revealed that Jamiolkowski’s method yielded higher qc values
than Baldi’s method at a 90% compaction level, and the corrected Jamiolkowski
method yielded low qc values. Furthermore, in accordance with the above
analysis, it was more reasonable to establish acceptance criteria based on Baldi’s
method for the compaction of sand with a carbonate content less than 45%.
However, the corrected Jamiolkowski method should be applied when the
carbonate content is greater than 45%.

Keywords: Relative compaction � Relative density � Correlation analysis
Calcareous sand � Acceptance criteria

1 Introduction

The compaction index is very important in the design process of ground improvement
for granular materials and can directly reflect the ground improvement compaction
degree. To obtain the compaction degree of ground improvement, the in situ density of
granular materials must be determined. However, since the sampling of granular
materials is easily disturbed, the laboratory determination of the density is often
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unrepresentative of the actual value and cannot reflect the actual in situ compaction
status. With the development of electric cone penetration Test (CPT) equipment, the
use of CPT testing in the inspection of ground improvement has become increasingly
popular due to its reliability, repeatability and stable performance. To investigate the
compaction degree of granular soils, studies of the correlation between CPT test values
and the compaction index have been conducted by some researchers [1–3].

However, most of the CPT test results were correlated with the relative density
values, and the correlation analyses rarely included the relative compaction values. In
addition, the correlations were mostly based on silica sand, and for calcareous sand,
correlations should be corrected due to its crushability and compressibility. Therefore,
there is a need to analyze the correlation between the relative density and the com-
paction degree and to investigate the correlation for calcareous sand based on CPT test
values. This approach will provide a new acceptance criteria method for ground
improvement over large areas.

2 Correlation Analysis

2.1 Correlation Analysis for the Compaction Index

The compaction index is typically expressed as the relative density Dr or relative
compaction degree Rc [4]. The formulas of these two indexes are presented as
following Eqs. (1) and (2).

Dr ¼
1

qdmax
� 1

qd
1

qdmim
� 1

qdmax

ð1Þ

where qd; qdmax; and qdmin are the dry density, maximum density and minimum den-
sity, respectively.

Rc ¼ qd=q
0
dmax ð2Þ

where q
0
dmax is the maximum density obtained from the compaction test, which is

different from qdmax obtained from the maximum density test.
It is worth noting that the two maximum dry densities, qdmax and q

0
dmax, mentioned

above were obtained from different tests. qdmax refers to standard ASTM D-4254 and is
based on the vibration compaction method. q

0
dmax refers to standard ASTM D-1557 [5,

6], in which the layered sample is compacted in a standard cylindrical mold.

2.2 Correlation Analysis for the Compaction Index

The earliest study regarding the correlation of these two compaction indexes based on
laboratory tests was performed by Lee and Singh [7]. The correlation was performed
based on 47 selected samples. The maximum densities qdmax and q

0
dmax were deemed

equal by the authors.
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Rc %ð Þ ¼ 80þ 0:2DrðDr [ 40%Þ ð3Þ

In addition, Youssef and Gihan [8] proposed an empirical expression based on 20
selected samples from the Fayoum area, as shown in Eq. (4). The maximum densities
qdmax and q

0
dmax were distinguished when performing the analysis.

Dr ¼ 5:5Rc � 4:47ð0:85\Rc\1Þ ð4Þ

This formula was converted as follows.

Rc %ð Þ ¼ 81:27þ 0:18DrðDr [ 20:5%Þ ð5Þ

Although the maximum densities qdmax and q
0
dmax are distinguished in Eq. (4), a

similar linear correlation is still obtained using both equations. Furthermore, it can be
concluded from reference [9] that the higher the fine content of the sand is, the lower
the value of the maximum dry density based on ASTM D-4254 and the higher the
value of the maximum dry density based on ASTM D-1557.

3 Correlation Analysis Between CPT and the Relative
Density

3.1 Baldi’s Method

The method proposed by Baldi [10] in 1986 is one of the most widely applied methods.
The sample used to build the correlation was uncemented silica sand from the Ticino
and Hokksund district. The formula is as follows:

Dr ¼ 1
C2

ln
qc

CO r0ð ÞC1

 !

ð6Þ

where C0;C1, and C2 are experimental coefficients; r0 is the overburden effective
stress; and qc is the cone resistance. The suggested C0;C1, and C2 values for normal
consolidated sand were 157, 0.55, and 2.41, respectively, and those for overconsoli-
dated sand were 181, 0.55, and 2.61, respectively.

3.2 Jamiolkowski’s Method

With reference to the literature [11], the previous correlation method was mainly
suitable for sands with fines contents lower than 15%. Moreover, the previous method
did not account for the boundary effects that reduce qc. Therefore, Jamiolkowski
conducted several chamber tests in 2001 and proposed a correlation considering
boundary effects and the effect of sand compressibility. The material used in the
correlation analysis was normal consolidated quartz silica sand. The empirical formula
is shown below, and the correlation is shown in Fig. 1.
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Dr ¼ 100 0:268:ln
qc=ratm
r0=r0:5atm

� �

� 0:675
� �

ð7Þ

where ratm is 1 atmospheric pressure, which is equal to 100 kPa.

4 The Al-Zour LNGI Project in Kuwait- Case Study

4.1 Introduction of the Al-Zour LNGI Project

The Al-Zour LNGI project is located in the Al-Zour region of Kuwait. The project has
a reclamation area of 50,000 m2 and an average reclamation depth of 20 m. The
designed filling material is sand with a fines content lower than 15%, and the hydraulic
reclamation method was adopted. The strata in the borrow area include clay or silt,
caprock, loose to medium dense silty sand, and dense to very dense sand with silt. The
relative compaction was required to reach 95% above the water level and greater than
90% below the water level. Considering such design requirements, three locations in
the borrow area were adopted to drill boreholes for test samples. Eight samples were
collected to perform a series of tests, including a sieve analysis, relative density test,
compaction test and specific gravity test. The reference standards were ASTM D-422,
ASTM D-2487, ASTM D-4254 and ASTM D-1557.

4.2 Correlation Analysis

(1) Correlation analysis between the maximum densities qdmax and q
0
dmax

Based on the collected test results, the correlation regarding the maximum densities
qdmax and q

0
dmax can be obtained, as shown in Fig. 1. Furthermore, the ratio of

qdmax=q
0
dmax for different soil types which named by ASTM D-2487 [12] is shown in

Fig. 2.
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Figures 1 and 2 show that the two maximum densities qdmax and q
0
dmax are linearly

correlated. However, their ratio varies slightly for different soil types. The ratios
obtained from the relative density test method for soil types SP, SP-SM and SW-SM
with a fines content lower than 12% are higher than those from the compaction test.
Soil type SM, which has a fines content larger than 12%, exhibits the opposite trend.
Thus, the results display a similar consistency with the reference [9], which has con-
cluded with the fine contents increasing, the compaction test tend to yield a higher
value than relative density test.

(2) Correlation between relative density and relative compaction

The relative density is not constant at the same relative compaction for different
samples and varies within a certain range. Based on the collected test result, the relative
density varies from 43.96 to 69.21 at 90% relative compaction and varies from 71.28 to
85.91 at 95% relative compaction. Further analysis suggests that the relative density is
correlated with the fine content under constant relative compaction conditions. The
correlation is shown in Fig. 3.

Notably, the relative density is linearly correlated with the fine content, as shown in
Fig. 4. The coefficient of determination (R2) values are 0.7183 and 0.7696, which
reflect good correlation performance. A high fines content results in a large relative
density at constant relative compaction. Furthermore, the correlation can be expressed
as follows:

Dr ¼ 1:90FCþ 39:60ðRc ¼ 90%Þ ð8Þ

Dr ¼ 1:08FCþ 68:91ðRc ¼ 95%Þ ð9Þ

where FC is the fine content (%).
The above empirical equation was based on filling material with a fine content less

than 20%. Since the fines content of the filling material was required to be less than

a 90% of relative compaction b 95% of relative compaction

R² = 0.7183
20
30
40
50
60
70
80
90

100

0 10 20

R
el

at
iv

e 
D

en
si

ty
%

Fine Content %

R² = 0.7696
20
30
40
50
60
70
80
90

100

0 5 10 15 20

R
el

at
iv

e 
D

en
si

ty
 D

r
%

Fine Content %

Fig. 3. Correlation between the relative density and fines content
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15%, two controlling fines content values, 5% and 10%, were adopted for comparison
based on Eqs. (3) and (5). The comparative results are shown in Table 1.

The results in Table 1 indicate that Lee and Singh’s method and Youssef and
Gihan’s method exhibit good consistency with the laboratory test for a filling material
with a 5% fines content, which indicated that proposed specified correlation based on
Al-Zour LNGI project is reasonable and applicable.

4.3 Correction Based on the Carbonate Content

With reference to Lunne [13], most of the correlations between CPT and the relative
density have been established based on silica sand. However, a high carbonate content
leads to greater compressibility and crushability for a granular material. Therefore, the
associated effect on the correlation cannot be neglected at high carbonate contents. In
accordance with the geotechnical investigation of the Al-Zour project, the carbonate
content of the borrow area is less than 30%. Based on the classification method pro-
posed by PIANC [14], the material below the designed dredging level is mainly slightly
calcareous sand to carbonate sand.

Moreover, Wehr [15] suggested that only sand with a carbonate content higher than
50% should be considered for correction and proposed the following carbonate cor-
rection factor (CF) for carbonate sand.

CF ¼ 1:36þ 0:0046Dr ð10Þ

The above formula exhibits a positive correlation with the relative density, which
indicates that the correction factor will increase as the relative density increases. Lunne
[16] suggested a less laborious method of establishing the correction factor based on
oedometer tests. If the compressibility Cc/(1 + e0) of carbonate sand is less than 0.05,
the correction factor does not need to be considered. If the compressibility of
Cc/(1 + e0) is higher than 0.05, a correction factor of 1.4 should be adopted for the
relative density within the range of 40% to 60%, and a correction factor of 1.5 should
be adopted for relative density values higher than 60%.

To obtain the compressibility of carbonate sand, five samples were selected for
carbonate content and oedometer tests. Notably, the first four samples were collected in
a high carbonate area. The fifth sample was artificially created sand with an assumed
maximum carbonate content that existed in the borrowing area. The test results can be
seen in Table 2.

Table 1. Comparative results of the relative density

Relative
compaction

Laboratory test Lee and Singh
method (1971)

Youssef and
Gihan method
(2007)

Fine
content 5%

Fine
content 10%

90% 49.1 58.6 50 48.5
95% 74.4 79.7 75 76.3
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Based on the test results presented in the above table, the compressibility
Cc/(1 + e0) of the first four samples ranges from 0.0012–0.0017, with a carbonate
content of 20.73–26.97%. These compressibility values are less than the 0.05 value.
Even the compressibility of the last sample, which has a maximum carbonate content of
45.77%, is only 0.0025, which is still less than 0.05. Hence, it is not necessary to apply
the correction factor when the carbonate content is less than 45.77, as supported by the
findings of Lunne.

Furthermore, Hyde [17] found that carbonate particles undergo considerable
breakage if the carbonate content surpasses 45%. Overall, based on the suggested
correction methods and test results above, the effect of breakage is minor for most
reclaimed sands and can be neglected when the carbonate content is less than 45%.
However, if the carbonate contest surpasses 45%, the correction factor should be
applied and the breakage of carbonate particles should be considered in determining the
CPT results.

4.4 Correlation Analysis Between CPT and the Compaction Index

In accordance with the sieve analysis results of samples taken from the reclamation
area, the fines content of most of the sand sample was approximately 5%. Referring to
Table 1, the relative density at 90% relative compaction is 49.1. Substituting the
obtained relative compaction into Eq. (10), a correction factor of 1.58 can be obtained.
Jamiolkowski’s method includes the effect of the compressibility of sand and provides
a boundary constraint for the correlation. Thus, when sand with a high carbonate
content is encountered, the CF should be based on Jamiabolkowski’s method.

To obtain a suitable correlation, the correlations based on Baldi’s method, Jami-
olkowski’s method and the corrected Jamiolkowski method were compared at the same
relative density of 49.1. The comparative curves are shown in Fig. 4.

To achieve a relative compaction level of 90%, Jamiolkowski’s method requires a
larger qc value than Baldi’s method. However, after determining the correction factor
based on Jamiolkowski’s method, a lower qc value is obtained than that based on
Baldi’s method. This observation is mainly due to the low compressibility of the
material used in Baldi’s proposed correlation. Further analysis shows that Baldi’s
method yields a CF nearly equal to that of Jamiolkowski’s method at 1.38.

Therefore, as mentioned in Sect. 4.3, if the carbonate content is less than 45%, it is
not necessary to consider the effects of carbonate particle compressibility. The Baldi

Table 2. Compressive test results

S.N. Sample
ID

Carbonate
content (%)

Compressive
index Cc

Initial void
ratio e0

Cc/(1 + e0)

1 M3 20.73 0.0025 0.4473 0.0017
2 L7 21.7 0.0018 0.4587 0.0012
3 K8 24.47 0.0019 0.528 0.0012
4 K7 26.97 0.0018 0.4678 0.0012
5 T1 45.77 0.0034 0.3537 0.0025
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method should be applied to establish the acceptance criteria between the CPT results
and relative compaction. However, if the carbonate content is larger than 45%,
Jamiolkowski’s method with a correction factor is suggested.

5 Conclusion

The correlation between the relative density and relative compaction was developed,
and the differences between the two maximum densities obtained from tests based on
ASTM D-4254 and ASTM D-1557 were investigated. Furthermore, different correla-
tions between the CPT test results and the relative density considering a carbonate
content correction were compared. The following conclusions were drawn from the
above analysis results and the results of previous studies.

(1) The maximum density values obtained from the relative density test, referred to
ASTM D-4254 for soil types SP, SP-SM and SW-SM with a fines content lower
than 12%, were higher than those from the compaction test, referred to ASTM
D-1557. However, soil type SM, which had a fine content higher than 12%,
displayed the opposite trend.

(2) The fine content displayed a linear correlation with the relative density. The
relative density increased when the fines content increased at a specified and
constant level of relative compaction.

(3) Jamiolkowski’s method produced a larger qc value than Baldi’s method at the
designed compaction degree of 90%. However, Jamiolkowski’s method with a
correction factor yielded a lower qc value than Baldi’s method.

If the carbonate content is less than 45%, it is not necessary to apply a carbonate
content correction. In this case, Baldi’s method should be used to establish the
acceptance criteria. However, if the carbonate content exceeds 45%, Jamiolkowski’s
method with a correction factor is suggested.
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Abstract. The existing of karst cavities under the bored-pile bottom is of great
danger to the quality and stability of the project. Sonar detection is a new
technology to ensure the quality of bedrock in construction. Because of the
complexity of pile hole materials, detecting the fractures and cavities is still a
technical challenge which needs to be studied further. The generalized
S-transform was adopted to extract the arrival times of the reflection from the
karst cavities at a certain receiver, which can be used to calculate the depth and
size of karst cave. Seven models with karst cavities and fractures with different
depths were used to verify the feasibility and the effect of the depth of fracture to
the detecting karst cavity with the generalized S-Transform. A high-orders
staggered-grid finite-difference method was adopted in wave field modelling to
obtain the synthetic test signal. The results show that it is feasible and effective
to detect karst cavities and fracture under bored pile using the generalized
S-transform. The changes caused by the reflected wave significantly appear as
peaks in the time-frequency spectrum calculated by generalized S-Transform,
which has great advantage in identification for weak reflections.

Keywords: Sonar detection � Karst cavities � Pile � Generalized S-transform
FDTD

1 Introduction

Karst distribute in about one-third of total land area of China (Yan et al. 2009). Bored
piles are commonly applied in construction in karst area for its varied adaptability.
However, the instability of karst cavity roof under pile bottom is a potential geological
disaster threatening construction (Zhao et al. 2007). It is dangerous when karst cavity
under pile is not clearly detected.
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Despite attempts at traditional geophysics methods (El-Qady et al. 2005; Zajc et al.
2015), slurry in the pile hole make them difficult to be used in pile hole. The resolution
and detection range of surface geophysics methods are hard to meet the requirement of
pile construction. In practical, advance drillings are required for each pile. But false
negative still occur for the limited size of the drillings. Sonar detection is a new
technology developed by Shi et al. (2016), which makes full use of slurry to couple air
and bedrock. Sonar detection is being applied gradually in projects for its the advan-
tages of low cost and high speed. However, the explanation of sonar detection results
largely depends on the experience. Better signal processing methods are urgently
needed to identify the arrival time of reflection from the karst cavity.

The generalized S-transform which was developed in 1994 for analyzing geo-
physics data (Stockwell and Mansinha 1996) provides frequency dependent resolution
while maintaining a direct relationship with the Fourier spectrum. The time–frequency
distribution of a weak signal can be finely depicted by the generalized S-transform in
time–frequency domain (Mcfadden et al. 1999; Pinnegar and Mansinha 2004). In this
study, we take advantage of this characteristic of the generalized S-transform to
identify the arrival times of the reflected wave in the test signal. The location of the
karst cavity or fracture can be calculated according to the arrival times of the reflected
wave. Seven models with a karst cavity and a fracture of different depths were used to
verify the feasibility of detecting karst cavity using the generalized S-Transform.

2 Sonar Detection for Karst Cavity Under Bored Pile

The sonar detection is a new technology to detect karst cavities under bored pile. As
shown in Fig. 1, the sonar detector consists of sonar transducers, a computer and
connected cables. The sonar transducers consist of a sonar transmitter in the central and
four sonar receivers. The sonar detection makes full use of drilling slurry in the pile
hole, which can couple the impedance between air and bedrock so that more elastic
wave can transmit into bedrock. The sonar elastic wave is transmitted as shown in
Fig. 2. The sonar elastic wave will transmit and reflect at different impedance surfaces.

The offset of the detection is rather small compared to the depth of geological
reflector D (the roof or floor of karst cavity or fracture). Thus, the depth of geological
reflector D can be calculated as below:

D ¼ 1
2
C � Dt ¼ 1

2
C � ðtr � tdÞ ð1Þ

where C is the sound-wave velocity; Dt is the travel time of the sound wave, which is
the difference between the arrival time of the reflected wave tr and the arrival time of
the directive wave td. Thus, the key of the detection is the identification of the arrival
time of reflected wave tr.
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3 The Generalized S-Transform

The generalized S-transform of the signal x(t) is defined as (Pinnegar and Mansinha
2004):

Sðs; f Þ ¼
Z þ1

�1
xðtÞxðs� t; f Þe�i2pftdt ð2Þ

xðs; f Þ ¼ fj jp
k

ffiffiffiffiffiffi
2p

p exp½� f 2ps2

2k2
� ð3Þ

rðf Þ ¼ k
fj jp ð4Þ

where, s and t denote time. f is frequency. x is the Gauss’s window function of
Generalized S-Transform. r(f) is scale factor of Gauss’s window function, p is a
regulatory factor, k is a regulatory parameter.

In order to choose time-frequency resolution, a regulatory factor p and parameter
k are introduced in the r(f). The time window will be widened with the increase of
k and the decrease of p. The regulatory factor p has larger effect on the time window’s
shape (width and height) compared to regulatory parameter k. Thus, a wider time
window can be adopted at low frequency to get a higher frequency resolution. A nar-
rower time window can be used to obtain a higher time resolution in high frequencies.

According to the Fourier Transform, Convolution theorem and formulas above, the
generalized s-transform can be expressed as below:

GSTðs; f Þ ¼
Z þ1

�1
Xðaþ f Þe�2p2a2k2

f 2p e�i2pstda ð5Þ

where, X (a + f) is the calculated from x(t) using Fourier Transform and shifting.

Computer

Sonar transmitter

4 sonar receivers

Fig. 1. Sonar detector for karst cavity under
pile

Fig. 2. Schematic diagram of sonar detection
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We can derive the discrete time S-transform from formula (5) as below:

GST j; n½ � ¼
XN�1

m¼0

X
nþm
NT

h i
e�

2n2k2m2

n2p e
i2pmj
N ð6Þ

Where, f = n/NT, s = jT, T is the sampling interval and sampling frequency. Then the
time–frequency distribution of test signal can be calculated by Formula (6).

When a karst cavity or fracture present under pile bottom, the reflected wave from
fracture, the roof and floor of cavity will change the wave pattern propagating at the
pile bottom. The changes in the test signal significantly appear as peaks in the
time-frequency spectrum. We can identify those peaks to detect the karst cavity and
fracture.

4 Modelling Results Analysis

4.1 Numerical Models

A model without karst cavity and fracture, a model with a karst cavity and five models
with a karst cavity and a fracture with different depths were used to verify the feasibility
of the Generalized S-Transform. The diameters of pile hole in the six models are 1.6 m
as shown in Fig. 3. The geometric parameters of models are shown in Table 1:

Fig. 3. Numerical model of detection for karst cavity and fracture under bored pile

Table 1. The geometric parameters of models

The Number of Models 1 2 3 4 5 6 7

The depth of fracture (m) Null Null 1.0 1.5 2.0 2.5 3.0
The thickness of fracture (m) Null Null 0.5 0.5 0.5 0.5 0.5
The depth of cavity (m) Null 4.0 4.0 4.0 4.0 4.0 4.0
The radius of cavity (m) Null 1.0 1.0 1.0 1.0 1.0 1.0
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The calculating section is 10 m � 10 m in the all models. High-orders staggered
grid finite-difference method was used in the modelling with a cell size of 0.05 m and a
time step of 2 � 10−6 s. In this paper, the second-order accuracy was adopted in time
domain, and tenth-order in space domain. Perfectly matched layers (PML) were used to
eliminate the reflections from the edges of the computation domain (Collino and
Tsogka 2001). The test signal of the receiver with an offset of 0.4 m was recorded (i.e.
the offset is the half of the radius of the pile hole). The length of the test signal is
7 � 10−3 s. The material properties of different media are shown in Table 2. Different
damping coefficient of P-wave and S-wave were adopted in the modelling.

4.2 Modelling Results

Figure 4(a) is the modelling test signal of model 1 without karst cavity and fracture. All
the reflected wave in the test signal are the reflections from the wall of pile hole. Figure 4
(b) is the corresponding generalized S-Transform amplitude spectrum, in which there
are five energy peaks point A at 0.472 ms, B at 0.960 ms, C at 1.382 ms, D at 1.862 ms
and E at 2.288 ms. The interval between the arrival times of multiple reflections is
around 0.450 ms. The errors might be caused by the grid in the shape of square, while
the pile hole is a circular. It shows that the energy of multiple reflection gradually
weaken for the attenuation in slurry. It verifies that the generalized S-Transform can both
identify the arrival time of the reflections and the energy of the reflections.

Figure 4(c) and (d) are the analysis of model 2 with only a karst cavity. The
reflection from the roof and floor of karst cavity can be obviously extracted at Point A
and B in Fig. 4(c). It finds that the energy of Point E in Fig. 4(d) is much stronger than
Point E in Fig. 4(b). The reason is that the reflection from cavity roof interfere the 5th
times reflection from hole wall. The arrival time of reflections from roof and floor can
be identified by point E and F respectively.

Figure 4(e) to (n) are the modelling test signal of the models with the fractures of
different depths and the same karst cavity and their time-frequency spectrums by
generalized S-Transform. The identification for the fractures are easily influenced by
the multiple reflections from the wall of hole in the time domain. But in the
time-frequency spectrum, the reflection will cause a significant enhancement of energy
(see the red section in Fig. 4(f), (h) and (j) and the light part D in Fig. 4(i)). An obvious
vacancy can be found before the point E in Fig. 4(n), which is caused by the inverse
phase interference of the reflections from the fracture and the hole wall. Points G in
these figure are caused the reflected S wave from the fracture.

Table 2. Material properties of media in numerical models

Material properties vp (m/s) vs (m/s) q (kg/m3) eL (s−1) eT (s−1)

Bedrock 4000 2300 2300 10 50
Slurry in hole 2000 0 1500 1500 2500
Filling in karst cavity 2000 1100 1500 1000 1500
Filling in fracture 2000 1100 1500 1000 1500
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Fig. 4. Test signal and its corresponding amplitude of generalized S-Transform; (a) and
(b) model 1; (c) and (d) model 2; (e) and (f) model 3; (g) and (h) model 4; (i) and (j) model 5;
(k) and (l) model 6; (m) and (n) model 7.
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Points E and F in Fig. 4(f), (h), (j), (i) and (n) are the peaks caused by the
reflections from the roof and floor of karst cavity. The reflections from the cavity floor
(point B in Fig. 4(e), (g), (i), (k) and (m)) are difficult to be identified in the original test
signal. But there is a significant energy peak in the time-frequency spectrum by gen-
eralized S-Transform. The arrival time calculated by the points E and points F and their
errors are shown in Table 3. The true values of the arrival time of the reflections are
obtained by the subtraction between the test signals of the models with cavity and
without cavity. It shows that the absolute errors for the most of the identifications for
the arrival time are not greater than 0.1 ms. The relatively larger error in the model with
a fracture at the depth of 2 m might be caused by the interference of the multiple
reflections from fracture. The absolute error of the arrival time for the reflections from
the floor are smaller than that from roof. The reason is that the identification for the
reflection from the cavity floor is less affected by the multiple reflections and reflected
S-wave.

5 Conclusions

This paper provides an analysis method for the sonar detection to identify the karst
cavities and fracture under pile based on generalized S-Transform. Seven numerical
models with different depths of fractures were conducted to verify this method. The
following conclusions could be drawn:

Table 3. Calculation errors for the arrival time of reflection from cavity in the models

The depth of
fracture (m)

Arrival time of
point E tE (ms)

Arrival time of
point F tF (ms)

Absolute error
of tE (ms)

Absolute error
of tF (ms)

1.0 2.300 4.686 0.072 0.026
1.5 2.324 4.686 0.048 0.026
2.0 2.254 4.694 0.118 0.034
2.5 2.342 4.682 0.030 0.022
3.0 2.292 4.702 0.080 0.042

Fig. 4. (continued)
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1. It is feasible and effective to detect the karst cavities and fracture using generalized
S-transform. The changes caused by the reflected wave significantly appear as peaks
in the time-frequency spectrum, which has great advantage in identification for
weak reflection.

2. The reflection from the fracture will cause a significant enhancement of energy or a
vacancy in the generalized S-Transform amplitude spectrum. Multiple reflections
from the fracture make the error of the identification for karst cavity larger.

3. The multiple reflections from the wall of pile hole has large effect on the identifi-
cation for the karst cavities and fractures. The decay of the multiple reflections from
hole wall is easily identified by generalized S-transform. The reflection from the
geological structure under pile can be observed if there is another enhancement of
energy.

4. Only different depths of fracture are considered in this study for the limited length of
this paper. The angle, thickness, filling of the fracture and many other factors will be
studied in the future. The test signal of field experiment will be introduced to study
the method as well.
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Abstract. Monopiles are widely used to support the upper structures of wind
turbines in offshore engineering. Due to the harsh environment conditions, they
are subjected to long-term lateral cyclic loading from waves and winds through
the design life. In this paper, a robust and practical beam on Winkler foundation
model is presented for the behavior of monopiles under cyclic lateral load, in
which the stiffness degradation of sand is incorporated based on the accumulated
soil strain from results of drained cyclic triaxial tests. The reasonability of the
model is proved by comparisons with a published centrifuge model test.

Keywords: Monopiles � Axial strain � Sand � Winkler foundation model
Calculating method � Cyclic load

1 Introduction

Monopiles for offshore wind turbines are designed to sustain long-term lateral cyclic
loads from winds and waves. Besides the maximum static capacity, the accumulations
of the pile deformation and rotation under long-term lateral cyclic load are of impor-
tance for the maintenance of offshore wind turbines to avoid exceeding the service-
ability limit during the design life time.

The p-y curves are widely used in the practice of laterally loaded piles, in which a
lot of work is given about the complex cyclic pile-soil interaction in sand. Reese et al.
[1] constructed a series of cyclic p-y curves based on a few full-scale tests to consider
the cyclic-loading deterioration, which are adopted by API [2]. Based on experiment
results, Little and Briaud [3] and Long and Vanneste [4] advised the power function of
number of cycles N to simulate the cyclic soil reaction along the pile. As the empirical
cyclic p-y curves are fitted based on the results of slender small piles with limited cyclic
numbers, they are not suitable for monopiles with long-term cyclic load. Achmus et al.
[5] considered the reduction in soil stiffness in the FEM, based on the accumulated
strain from cyclic triaxial tests. Considering the numerical errors of sophisticated soil
constitutive model of a large number of cycles, the semi-empirical approach by
Achmus et al. [5] is a better choice for the calculation of lateral deformation responses
of a pile with respect to the number of long-term cyclic loads.
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In this study, a robust and practical beam on Winkler foundation model is pre-
sented, in which both the cyclic stiffness of soil in reloading and unloading phases are
derived from the hysteric loop of sand under the cyclic triaxial test and the explicit
cumulative strain model of soil. The proposed method to consider the response of a
laterally loaded monopile is used to calculate the results of a published centrifuge test,
which shows a good agreement.

2 Simplified Method of Monopile Under Cyclic Lateral Load

2.1 Governing Equation for a Laterally Loaded Pile Under a Winkler
Foundation

The governing equation of a laterally loaded pile is:

EpIp
d4u
dz4

þ khu ¼ 0 ð1Þ

where EpIp is the bending rigidity of the pile, kh is the subgrade reaction modulus, u is
the horizontal displacement of the pile.

According to Vesic’s equation [6], the subgrade reaction modulus kh is calculated as:

kh ¼ 0:65E
1� m2

ðEd
4
p

EpIp
Þ1=12 ð2Þ

where E and m are the elasticity modulus and Poisson’s ratio of soil.
Dividing the pile into n elements, Eq. (1) can be solved by finite differencemethod as:

KL½ � uf g ¼ FLf g ð3Þ

uf g ¼ u0 u1 � � � ui � � � un�1 un½ � ð4Þ

FLf g ¼ 2h3
H0

EpIp
þ 2h2

M0

EpIp
� h2

M0

EpIp
� � � 0

� �
ð5Þ

where [KL] is the stiffness matrix, H0 and M0 are the horizontal force and bending
moment at pile head, h = L/n.

To investigate the cyclic responses of a laterally loaded pile, the subgrade reaction
modulus of the pile in Eq. (2) is assumed to change with the cyclic stiffness of sand, the
derivation of which is shown below.

2.2 Cyclic Stiffness Model of Sand

The degradation stiffness model of sand to account for the cyclic effect is elucidated in
Fig. 1. For one-way cyclic load, in a complete cycle, the secant modulus of the sand
includes two aspects: the modulus in a reloading phase ElsN, and the modulus in an
unloading phase EusN, where N represents the cyclic number. To obtain the values of
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the above two moduli, which are inputs for the beam on Winkler foundation model, the
development of the hysteretic curve and the expression of the accumulated plastic
strain in each cycle are needed. The former part is shown below and the latter part is
introduced in Sect. 2.3.

In a cyclic triaxial test (Fig. 1), qmax and qmin are the maximum and minimum
deviatoric stresses, and the amplitude of a cyclic load is qd ¼ qmax � qmin. eN and eNmax

represent the accumulated residual strain and peak strain in the Nth cycle. ElsN and EusN

are the reloading and unloading secant moduli of sand in the Nth cycle, respectively.
Which are expressed as:

ElsN ¼ qd
eNmax � eN�1

ð6Þ

EusN ¼ qd
eNmax � eN

ð7Þ

The hyperbolic stress-strain curve is widely used as the backbone curve of sand
under triaxial test as:

e ¼ q
Eo

=ð1� q
qult

Þ ð8Þ

in which, q and qult are the deviatoric stress and peak strength of sand. E0 is the tangent
modulus.

With Masing’s rule [7], the hysteretic loop of sand is given as:

ðe� erÞ ¼ q� qr
EON

=ð1� q� qr
nqult

����
����Þ ð9Þ

in which, qr is the reference stress, er is the reference strain and n is an coefficient. They
are related to the reloading and unloading phases. For the reloading curve, qr ¼ qmin,
er ¼ emin, n ¼ 1. For the unloading curve, qr ¼ qmax, er ¼ emax, n¼ 2. EON is the
tangent modulus of sand for the Nth cycle.

Fig. 1. Calculating diagram of the secant modulus.
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In a single cycle, under the assumption of an unchanged EON both for the loading
and unloading phases (Fig. 2), the accumulated maximum strain for the Nth cycle is:

eNmax ¼ qd
EON

=ð1� qd
qult

Þþ eN�1 ð10Þ

The accumulated residual strain for the Nth cycle is:

eN ¼ � qd
EON

=ð1� qd
2qult

Þþ eNmax ð11Þ

Substituting Eq. (10) into Eq. (11), we can get:

eN ¼ � qd
EON

=ð1� qd
2qult

Þþ qd
EON

=ð1� qd
qult

Þþ eN�1 ð12Þ

The tangent modulus of sand in the Nth cycle EON is obtained from Eq. (12), which
is shown as below:

EON ¼ qd
DeN

ð 1
1� qd

qult

� 1
1� qd

2qult

Þ ¼ qeq
DeN

ð13-1Þ

where DeN ¼ eN � eN�1 is the plastic strain increment in the Nth cycle, qeq is defined as
the equivalent cyclic load, which is the function of the cyclic load amplitude and peak
strength of sand:

qeq ¼ qdð 1
1� qd

qult

� 1
1� qd

2qult

Þ ð13-2Þ

Fig. 2. Calculating diagram of the initial equivalent modulus.
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Considering Eqs. (10)–(13-2), the secant modulus of sand for the reloading and
unloading curves in Eqs. (6) and (7) can be written as:

ElsN ¼ EONð1� qd
qult

Þ ¼ qeq
DeN

ð1� qd
qult

Þ ð14Þ

EusN ¼ EONð1� qd
2qult

Þ ¼ qeq
DeN

ð1� qd
2qult

Þ ð15Þ

It can be seen from Eqs. (14) and (15) that the two moduli of sand are functions of
the residual strain increment DeN in each cycle. As DeN approaches infinitesimal at
large cyclic number, it will result in infinite modulus of sand when the cycle number is
large enough, which means an irrational accumulation of deformation for the laterally
loaded pile. Therefore, a revision on the secant modulus of sand is given as below:

E�
lsN ¼ qeqð1� qd

qult
Þ � ð 1

3ADeN þ aB
Þ; a ¼

1� qd
qult

1� qd
2qult

ð16Þ

E�
usN ¼ qeqð1� qd

2qult
Þ � ð 1

ADeN þB
Þ ð17Þ

where the dimensionless stress level a makes that the two moduli equal to elastic
modulus of sand when the accumulated strain DeN is 0. B is a parameter as:

B ¼ qeq
Ee

ð1� qd
2qult

Þ ¼ qd
Ee

ð1
a
� 1Þ ð18Þ

in which Ee is the elastic modulus of sand. The parameter A is used to control the
development of modulus for the reloading and unloading curves.

As shown in Fig. 3, when the cycle numbers are large enough, the secant modulus
of soil in the reloading phase equals to that in the unloading phase. Hence, no accu-
mulated soil strain occurs.

2.3 Accumulated Axial Strain of Sand Under Cyclic Triaxial Test

An explicit model for the accumulation of axial residual stain of clay due to long-term
cyclic loading is presented by Huang et al. [8, 9], based on the triaxial undrained test data
of Shanghai clay, in which the influence of cycle numbers, the initial mean stress, the
initial stress ratio and the cyclic stress amplitude are considered. Furthermore, with the
triaxial undrained test results of Fujian standard sand, Wang et al. [10] proved that the
above empirical model can also be applied to predict the axial accumulated strain of sand.
It is used in this paper to calculate modulus of sand in each cycle in Eqs. (16) and (17).

In the p� q plane as shown in Fig. 4, the soil stress states before cyclic load are the
static mean stress ps and static deviatoric stress qs. For sand sample subjected to
drained one-way cyclic load, the confining pressure is kept constant and the axial stress
component is cyclically varied, with an amplitude of the deviatoric stress as qd .
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The explicit model assumes that the accumulated axial strain of sand increases
exponentially with cyclic number, which is shown as below:

eN ¼ a � D�m ps
pa

� �c

Nb ð19Þ

in which a, m, c, b are material parameters obtained from test results. It should be noted
that the initial mean stress is normalized by a reference confining pressure pa (taken as
101 kPa). Furthermore, a normalized size of the deviatoric stress amplitude D� is
defined as:

D� ¼ Dp � Ds

Dmax � Ds
ð20Þ

q

qmax

qmin

1th
Nth

d
q

Fig. 3. Schematic diagram of the revised soil secant stiffness.
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in which the cyclic deviatoric stress amplitude qd is related to the static deviatoric stress
qs and the peak deviatoric stress of sand qult by normalizations as Dp ¼ ðqd þ qsÞ=qult,
Ds ¼ qs=qult and Dmax ¼ qult=qult ¼ 1. The calculation of peak strength of the sand qult
is given below.

Denoting the peak friction angle of sand as up, the inclination of the sand at peak is:

Mp ¼
6 sinup

3� sinup
ð21Þ

Since the inclination of the stress path for the drained triaxial test is 3, qult can be
related to the initial stress state as:

qult ¼ Mp

3�Mp
ð3ps � qsÞ ð22Þ

Bolton [11] conducted a comprehensive review of experimental data on the shear
strength of sand and considering the dilatancy of sand, he suggested an empirical
correlation of the peak frictional angle up and critical state friction angle uc as:

up ¼ uc þ 3Drð10� ln pf Þ � 3 ð23Þ

The accumulated axial strain (from Eq. (19)) and the hysteretic loop (from Eq. (9))

The tangent modulus of sand in the Nth cycle (from Eq. (13-1))

ElsN and E*lsN (from Eqs. (6), (14) and (16))

E*
lsN replaces E in Eq. (2) E*

usN replaces E in Eq. (2)

By Eq. (1), getting yl and Ml By Eq. (1), getting yu and Mu

The displacement: y=yl-yu

EusN and E*usN (from Eqs. (7), (15) and  (17))

Fig. 5. Flow chart for computing the displacement and bending moments of the pile.
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where Dr is the relative density of sand, pf is the mean stress at peak.
Figure 5 shows the flow chart for computing the displacement and bending

moments of the pile, the computation steps are as follows:

(1) Combining the accumulated axial strain formula (from Eq. (19)) and the hys-
teretic loop formula (from Eq. (9)), we can get the tangent modulus of sand in the
Nth cycle (from Eq. (13-1)).

(2) Based on the tangent modulus of sand, the secant modulus of sand for the
reloading and unloading curves in Eqs. (6) and (7) can be written as Eqs. (14) and
(15). Then Eqs. (14) and (15) are revised as Eqs. (16) and (17) respectively.

(3) The reloading secant modulus E�
lsN and unloading secant modulus E�

usN replace the
elasticity modulus E in Eq. (2), the subgrade reaction modulus kh can be gotten.

(4) Putting kh into Eq. (1), we can get the displacement and bending moments of the
pile. y1 and Ml are the displacement and bending moments in a reloading phase,
yu and Mu are the displacement and bending moments in an unloading phase, the
residual displacement of pile is y = y1 − yu.

3 Verification

In the following part, the proposed beam on Winkler foundation method, with a
stiffness degradation model to consider the cyclic interaction between pile and sand, is
used to calculate the responses of a lateral cyclic loaded pile in sand in a centrifuge test
by Zhu et al. [12].

The pile is driven into sand at 1 g, with an embedment depth of 50 m and the load
is applied 2.7 D above the ground surface (D is the diameter of the pile). The model
pile is made of aluminum alloy pipe, having an elasticity modulus of 68.9 GPa and a
Poisson’s ratio of 0.33. The properties of the test pile in model and prototype scales are
shown in Table 1. In the test, the bending moments of the test pile are measured
through 15 pairs of strain gauges placed on the pile shaft and the lateral displacements
at the pile head are measured by two laser displacement transducers at the pile head.
The lateral load is applied by a motor-controlled loading device and the load pattern is
a one-way lateral cyclic load with a load amplitude as 2100 kN and the maximum cycle
number as 995.

Table 1. Properties of the test pile in model and prototype scales

Type of pile Diameter/m Wall thickness/m Embedment depth/m Flexural rigidity

Model pile 0.03 0.002 0.6 1193 N �m2

Prototype pile 2.5 0.045 50 56.66 GN �m2
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The test soil is Fujian standard sand, having a critical state friction angle of
uc ¼ 35�. The minimum and maximum void ratios are emin ¼ 0:607 and emax ¼ 0:952,
respectively. Using the raining method to prepare the sand sample, the dry sand is
measured having the relative density of 65%, the void ratio of 0.727 and the dry density
of 1.524 g/cm. At a centrifuge acceleration level of 83 g, the average peak friction of
the sand is calculated as up ¼ 39�. Based on the one-way cyclic drained triaxial test
results by Wang et al. [10], the parameters to describe the accumulated cyclic strains of
the Fujian standard sand in Eq. (19) are advised as a = 1.382, b = 0.0386, c = 0.737,
m = 1.494. The parameters in respect to the reloading and unloading moduli of sand in
Eqs. (16) and (17) are A ¼ 1:11e5, B ¼ 0:008.

An elastic finite element analysis of the responses of the test pile under two static
lateral loads (corresponding to the minimum and maximum loads in a load cycle) is
performed to obtain the stress state of the sand around the pile before and during cyclic
load. Then the static mean stress ps, the static deviatoric stress qs and the cyclic
deviatoric stress qd of the sand can be obtained, which are inputs for the calculation of
the soil secant modulus during the cyclic load.

Figure 6 gives the comparisons of the calculated and measured accumulated dis-
placements at pile head for the centrifuge test. Figures 7 and 8 give the distributions of
the calculated and measured results of the lateral deflections and bending moments at the
first and last cycles, respectively. In Fig. 6, it is noted that the large residual displace-
ment accumulation occurs in the first 100 cycles and decreases rapidly as the cyclic
numbers increase. After 300 load cycles, the accumulation of the displacement is small,
and the rate of which reaches an approximately constant value. In Figs. 7 and 8, both the
calculated deflections near the pile head and the maximum moments of the laterally
loaded pile are smaller than the measured values, although a good agreement of the
location of the maximum moments exists. Based on the analysis above, the prediction of
the general trend of the accumulated displacements with cycle numbers is satisfactory.
However, the further investigation in the underestimation of the responses of the lat-
erally loaded pile in the deflection and moments along the pile is needed.
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Fig. 6. Comparisons of the calculated and measured cumulative displacements at the pile head.
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4 Conclusions

Based on the analysis above, the following conclusions can be obtained:

(1) The stiffness model of sand under the cyclic load is given to consider the cyclic
pile-soil interaction for a Winkler foundation, expressed as a reloading modulus
and an unloading soil modulus, in which the hysteretic curve of sand and the
accumulated soil strain under cyclic load are incorporated. The parameters in the
model are determined by the results of cyclic triaxial tests of sand under drained
conditions.

(2) The beam on a Winkler foundation method is proposed in this paper to calculate
the cyclic responses of a laterally loaded pile in sand. A comparison with a
centrifuge model test is given to prove the feasibility of the proposed method. The
prediction of the general trend of the accumulated displacements with cycle
numbers is satisfactory, while an underestimation of the responses of the laterally
loaded pile in the deflections and moments along the pile is observed.
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