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Preface

Toward building sustainable and longer civil infrastructures, the engineering
community around the globe continues undertaking research and development to
improve existing design, modeling, and analytical capability. Such initiatives are
also the core mission of the Soil-Structure Interaction Group in Egypt (SSIGE) to
contribute to the ongoing research toward sustainable infrastructure. This confer-
ence series “GeoMEast International Congress and Exhibition” is one of these
initiatives.

Ancient peoples built their structures to withstand the test of time. If we think in
the same way, our current projects will be a heritage for future generations. In this
context, an urgent need has quickly motivated the SSIGE and its friends around the
globe to start a new congress series that can bring together researchers and prac-
titioners to pursue “Sustainable Civil Infrastructures.” The GeoMEast 2017 is a
unique forum in the Middle East and Africa that transfers from the innovation in
research into the practical wisdom to serve directly the practitioners of the industry.

More than eight hundred abstracts were received for the first edition of this
conference series “GeoMEast 2017” in response to the Call for Papers. The
abstracts were reviewed by the Organizing and Scientific Committees. All papers
were reviewed following the same procedure and at the same technical standards of
practice of the TRB, ASCE, ICE, ISSMGE, IGS, IAEG, DFI, ISAP, ISCP, ITA,
ISHMII, PDCA, IUGS, ICC, and other professional organizations who have sup-
ported the technical program of the GeoMEast 2017. All papers received a mini-
mum of two full reviews coordinated by various track chairs and supervised by the
volumes editors through the Editorial Manager of the SUCI “Sustainable Civil
Infrastructure” book series. As a result, 15 volumes have been formed of the final
+320 accepted papers. The authors of the accepted papers have addressed all the
comments of the reviewers to the satisfaction of the track chairs, the volumes
editors, and the proceedings editor. It is hoped that readers of this proceedings
of the GeoMEast 2017 will be stimulated and inspired by the wide range of papers
written by a distinguished group of national and international authors.
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Publication of this quality of technical papers would not have been possible
without the dedication and professionalism of the anonymous papers reviewers. The
names of these reviewers appear in the acknowledgment that follows. For any
additional reviewers whose names were inadvertently missed, we offer our sincere
apologies.

We are thankful to Dr. Hany Farouk Shehata, Dr. Nabil Khelifi, Dr. Khalid M.
ElZahaby, Dr. Mohamed F. Shehata, and to all the distinguished volumes editors
of the proceedings of the GeoMEast 2017. Appreciation is extended to the authors
and track chairs for their significant contributions. Thanks are also extended to
Springer for their coordination and enthusiastic support to this conference. The
editors are thankful for the assistance ofMs. Janet Sterritt-Brunner, Mr. Arulmurugan
Venkatasalam in the final production of the 15 edited volumes “Proceedings of
GeoMEast 2017”.
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Active Earth Pressure on Retaining Walls
with Unsaturated Soil Backfill

Jagdish Prasad Sahoo(&) and R. Ganesh

Department of Civil Engineering, Indian Institute of Technology,
Roorkee 247667, India

jpscivil@gmail.com, ravishivaganesh@gmail.com

Abstract. The active earth pressure coefficients and its distribution against the
face of an inclined wall retaining an unsaturated soil backfill, has been estab-
lished using the limit equilibrium approach. The analysis is performed with the
help of a simple Coulomb-type mechanism. For different vertical unsaturated
steady state flow conditions, and the location of water table, the variation of soil
suction stress that occurs within the vadose zone of the backfill soil mass has
been taken into account in the analysis. The influence of different parameters
such as inclination of wall, roughness and adhesion of soil-wall interface,
ground surcharge pressure, properties of backfill soil and its flow conditions
(infiltration, no-flow and evaporation conditions) on the active earth pressure,
has been examined in detail. The depth of tensile crack has also been estab-
lished. The active earth pressure in unsaturated sand is not affected with the
variation in the flow conditions for given angle of internal friction of sand;
whereas, significant variation in the magnitudes of active earth pressure in
unsaturated clay has been observed with the change of rate and type of unsat-
urated flow. The height of wall and the location of ground water table are found
to be the two prime factors that affect substantially the active pressure in
unsaturated sand. On the other hand, for a given location of water table the
magnitude of the active pressure in unsaturated clay is merely affected by the
change in the wall height. The solutions from the present analysis are compared
with the available theoretical results that are reported in literature for some
special cases.

1 Introduction

Determination of active earth pressure exerted by a backfill soil mass is of considerable
importance in the safe design of any retaining structures and helpful partly also for the
problems related to sheet piles, braced cuts and foundations etc. Most of the earlier
studies deal with this problem assuming the backfill soil mass as either in a state of fully
saturated or dry condition. In practice, very often, the backfill soil mass is in unsatu-
rated state. Analysis based on total stress concept for unsaturated soil zone that exist
normally above the water table can lead to catastrophic failure of earth structures (Yoo
and Jung 2006; Godt et al. 2009; Kim and Borden 2013; Koerner and Koerner 2013).
Therefore, the variation of effective stress in the unsaturated soil zone above the water
table is required to be established more accurately in order to analyze the stability of

© Springer International Publishing AG 2018
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retaining structures against different possible failures in various stages of its con-
struction. However, the establishment of the variation of effective stress in the unsat-
urated soil may become difficult owing to the presence of many environmental factors.
For instance, flow conditions such as rainfall infiltration or evaporation largely changes
the profiles of matric suction and thus, the profiles of effective stress in the unsaturated
soil zone are changed. Pufahl et al. (1983) have used two different types of assumptions
for defining the nature of matric suction profiles namely, (i) a constant with depth, and
(ii) linearly varying with depth in the analysis of earth pressure behind retaining wall
with unsaturated backfill. The extended Mohr-Coulomb failure criterion given by
Fredlund et al. (1978) was used for describing the maximum shearing resistance offered
by unsaturated soil mass; however, this criterion does not consider the nonlinear
variation in shear strength due to changes in matric suction beyond air entry value.
Also, the effect of change of flux at the ground surface on the shear strength of soil was
not taken into account. Nevertheless, the extended Mohr-Coulomb failure criterion
given by Fredlund et al. (1978) is still being widely used due to its simplicity for
circumstances in which the above mentioned factors are of least important in design.
On the other hand, Lu and Likos (2004) have presented modified Mohr-Coulomb
failure criterion for describing the shear strength of unsaturated soil; in this failure
criterion, both Bishop’s effective stress and the suction stress concept were incorpo-
rated to define a unified effective stress for saturated as well as unsaturated soil.
Therefore, it captures the nonlinear variation in shear strength of unsaturated soils
owing to change in matric suction with respect to flow conditions and location of
ground water table. As a consequence, this approach enables the realistic nonlinear
distribution of active pressure along the length of wall to be predicted. Further, this
approach is simple and realistic, satisfying also the flux boundary conditions at the
ground surface. The well-known Rankine’s earth pressure theory has been extended to
unsaturated soils in all the studies mentioned above. Using the definitions of Coulomb
earth pressure and applying the unified shear strength theory, Liang et al. (2012)
obtained solutions for determining the active earth pressures of unsaturated soils
without considering the effect of location of water table and backfill flow conditions.
Very recently, Vahedifard et al. (2015) have computed the magnitude of active earth
pressure coefficients by employing a log-spiral mechanism with the application of
modified Mohr-Coulomb failure criterion.

The above cited studies have clearly demonstrated the importance of explicit
consideration of effective stresses in the analysis of retaining walls with unsaturated
soil backfill. Although extended Rankine’s solution for retaining walls with unsaturated
soil backfill has been available for determining active earth pressure distributions, its
applicability is only limited to smooth vertical walls. Further, it does not account the
effect of ground surcharge pressure. In the present research, by using Coulomb failure
mechanism in combination with modified Mohr-Coulomb failure criterion, the active
earth pressure coefficients and its distribution against retaining wall with inclined back
surface retaining unsaturated soil backfill has been established. The variation of soil
suction stress within the vadose zone of the backfill soil mass under various unsaturated
flow conditions has been explicitly considered in the analysis. The influence of dif-
ferent unsaturated flow conditions (i.e., infiltration, no-flow and evaporation condi-
tions) and location of water table below base of wall on the magnitude of active earth
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pressure coefficients and its distribution for varying parameters such as inclination of
wall, roughness and adhesion of soil-wall interface, ground surcharge pressure, prop-
erties of backfill soil has been examined thoroughly. Finally, the solutions obtained
from the present theory have been compared with analytical solutions obtained by Lu
and Likos (2004), Vahedifard et al. (2015). It should be noted that (i) extended
Rankine’s solution presented by Lu and Likos (2004) allows computing only the
distribution of active earth pressure against the smooth vertical walls, and (ii) the
method suggested by Vahedifard et al. (2015) allows only the magnitude of active earth
pressure coefficients to be computed.

2 Problem Statement and Assumptions

A rigid retaining wall of height H with back surface OA is shown in Fig. 1. The back
surface of the wall makes an angle of iwith the vertical plane. The backfill soil mass is in
unsaturated state, and is subjected to a uniform and continuous ground surcharge
pressure of magnitude v. Soil mass is assumed to obey modified Mohr-Coulomb failure
criterion. The effective values of internal friction angle and cohesion are /′ and c′,
respectively. The water table is assumed to be located at a depth H0 with respect to the
base of wall. During the event of rainfall infiltration and evaporation, vertical
one-dimensional unsaturated flow condition is assumed to prevail. Therefore, a constant
magnitude of flow rate q at the backfill ground surface is considered with (i) negative
sign for steady state infiltration case, and (ii) positive sign for steady state evaporation
case. Under no flow condition, the value of q obviously becomes equal to zero. For the

i
dy

y
δ Pa

Cw

β x

H 0

H

s
Pσ

Cf

Rf

q χ

O

A
B

φ′

W.T.

y0

Cracked zone

γW

Fig. 1. Details of forces acting on the triangular soil wedge
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case of rough walls, the active earth resistance Pa exerted by backfill soil mass is
inclined an angle d with the normal to the wall surface as shown in Fig. 1. A total
tangential adhesive force Cw is assumed to be acting at the soil-wall interface due to the
wall adhesion component along the length of wall OA. It is aimed to determine the
magnitude of total active earth resistance Pa exerted by unsaturated soil backfill on the
inclined surface of rigid wall. When the stresses in the backfill soil gets relaxed enough
to reach the limiting active state, soil mass is assumed to fail in the shape a triangular
wedge OAB with the rupture surface OB making an angle b with the horizontal plane.
This simple mechanism is exactly the same as that considered earlier by Coulomb. In
order to satisfy the modified Mohr-Coulomb failure criterion, the direction of inward
reaction force Rf must make an angle /′ with the normal to the planar failure surface.
The magnitude of total tangential cohesive force Cf acts along the failure surface is
simply equal to c′ � LOB; where LOB is the length of surface OB. The normal force
resulting from suction stress Prs acts outwards on the failure surface OB.

3 Method of Analysis

3.1 Shear Strength Based on Modified Mohr-Coulomb Failure Criterion

Following Lu and Likos (2004), on the basis of unified effective stress principle with
modified Mohr-Coulomb failure criterion, the shear strength sf of saturated or unsat-
urated soil mass can be written as follows,

sf ¼ c0 þ r0 tan/0 ð1Þ

r0 ¼ r� ua þ rs ð2Þ

where sf defines shear stress at failure, c′ and /′ are the effective cohesion intercept and
effective internal friction angle of soil; r′ represents the effective stress; r refers to the
total stress on the failure plane; ua is the pore air pressure or is generally considered as
atmospheric pressure if not specified which has been taken equal to zero in the present
analysis; rs represents the suction stress. Considering explicitly the influence of depth
of water table H0 and the properties of soil mass, the suction stress rs at any distance
measured from the base of the wall in the unsaturated soil backfill under various
unsaturated flow conditions can be represented by the following expression (Lu and
Likos 2004),

rs ¼ � 1
a

ln 1þ q
ks

� �
e�acw H0 þ yð Þ � q

ks

h i

1þ � ln 1þ q
ks

� �
e�acw H0 þ yð Þ � q

ks

h in onh in�1
n

ð3Þ

where, ks is the saturated hydraulic conductivity; cw is the unit weight of water; y is the
vertical distance from the base of the wall as shown in Fig. 1. a and n are the fitting
parameters; a approximates the inverse of the air-entry pressure, and n is directly
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related to the distribution of the soil’s pore size. The possible ranges of a and n for a
given soil type can be found in Lu and Likos (2004), Vahedifard et al. (2015). The
active earth pressure on retaining walls is affected by the existence of apparent cohesion
in the backfill soil mass. The apparent cohesion is defined as the shear strength
mobilized by suction stress through the internal angle of friction in the unified effective
stress theory, which is expressed as

ca ¼ rs tan/
0 ð4Þ

where ca = apparent cohesion; and /′ = internal angle of friction.

3.2 Active Earth Pressure in Unsaturated Soil

Under limiting equilibrium condition, by considering horizontal and vertical equilib-
rium of various forces acting on the failure wedge OAB as illustrated in Fig. 1, the
magnitude of active force Pa per unit length of wall, for the case where there is no
tensile crack appears in the backfill can be written as,

Pa ¼ ðWc þQvÞ sin ðb� /0Þ � Cw sin ðb� /0 � iÞ � Cf cos /
0 � Prs sin/

0

cos ðb� /0 � d� iÞ ð5Þ

Cw ¼ kc0H
cos i

tan d
tan/0 ð6Þ

here, Wc denotes the weight of soil block OAB and Qv is the vertical downward force
due to surcharge v placed on the backfill; k denotes the adhesion factor; k = 0 if no wall
adhesion is present, i.e., Cw = 0 and k = 1 when Cw > 0. The magnitude of the outward
normal force Prs due to suction stress can be computed by the following expression,

Prs ¼
1

sin b

ZH

0

rsdy ð7Þ

The magnitude of total active earth thrust corresponding to critical failure wedge
can be found out by maximizing the function given in Eq. (5) with respect to the angle.

Finally, a unique active earth pressure coefficient in unsaturated soil is defined in
the following fashion,

Ka ¼ 2
cH2 max Pað Þ j b[ 0 ð8Þ

It is worth mentioning that the magnitudes of neither Pa nor Ka has been corrected
for the effect of tension crack zone which would be commonly encountered in the field.
The procedure for considering such effects will be discussed in the following section.

Active Earth Pressure on Retaining Walls 5



3.3 Distribution of Active Earth Pressure

The distribution of earth pressure can be obtained by performing differentiation of the
Eq. (5) with respect to the y. In the other words, to obtain the magnitude of active earth
pressure pa exerted by unsaturated soil backfill at any distance y from the base of the
retaining wall, the expression for active force Pa given in the Eq. (5) is differentiated
with respect to y, which provides,

paðyÞ ¼ c H � yð Þþ v½ �F1 � kc0F2 � c0F3 � rsF4 ð9Þ

Where,

F1 ¼ cosðb� iÞ sinðb� /0Þ
cos i sinb cosðb� /0d� iÞ

F2 ¼ tan d
tan/0

sinðb� /0 � iÞ
cos i cosðb� /0 � d� iÞ

F3 ¼ cos/0

sin b cosðb� /0 � d� iÞ

F4 ¼ sin/0

sin b cosðb� /0 � d� iÞ

3.4 Depth of Tensile Crack

Because of the negligible or no strength of soils in resisting any tensile stresses, the
development of tension crack in the backfill could normally be an unavoidable phe-
nomenon. The maximum possible value of the tensile crack depth Ht (= H − y0) could
be developed in the unsaturated soil backfill under active state, can be obtained by
satisfying the condition, y = y0 when paðyÞ ¼ 0. Therefore, with the usage of Eq. (9)
and satisfaction of zero active earth pressure at a distance y0 from the wall base, the
depth of tensile crack Ht can be expressed as follows,

Ht ¼ kF2 þF3ð Þ c0 þ rs j y¼y0F4

cF1
� v

c
ð10Þ

where,

rsj y¼y0 ¼ � 1
a

ln 1þ q
ks

� �
e�acw H0 þH�Htð Þ � q

ks

h i

1þ � ln 1þ q
ks

� �
e�acw H0 þH�Htð Þ � q

ks

h in onh in�1
n
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The above equation is implicit and hence, the value of Ht from Eq. (10) is obtained
herein efficiently by using an iterative process for different parameters such as vertical
unsaturated steady state flow rate, depth of water table, properties of soil and wall
geometry. The correct solution for Ht is assumed to be obtained when the difference
between solutions of two consecutive computations shows negligible value in the order
of 10−6.

3.5 Magnitude of Active Earth Pressure with Tensile Crack

Considering the possible occurrence of tensile crack in the backfill under active lim-
iting state, the magnitude of total active resistance P′a per unit length of wall, can be
obtained as follows,

P0
a ¼

ZH�Ht

0

paðyÞdy ð11Þ

On solving and simplifying Eq. (11),

P0
a ¼

H � Ht

2
� ð2vþ cðHþHtÞÞF1 � 2c0kF2 � 2c0F3 � 2P0

rsF4

h i
ð12Þ

where,

P0
rs ¼

1
H � Ht

ZH�Ht

0

rsdy ð13Þ

A unique active earth pressure coefficient for the occurrence of tensile crack in the
backfill is defined as follows,

K 0
a ¼

2P0
a

cH2 ð14Þ

Thus, the established expressions from the proposed approach allows estimating
(i) the magnitude of active earth pressure before and after the formation of tensile crack
in the backfill; (ii) the distribution of active earth pressure, and (iii) the maximum
possible depth of tensile crack that would occur under active state.

4 Results and Discussion

All the computations required for obtaining the solutions were performed by generating
the necessary computer codes. In order to examine the influence of vertical unsaturated
steady state flow conditions on the magnitude of active resistance exerted by different
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types of backfill soils such as sand and clay, the rate of flow q under infiltration, no-flow
and evaporation conditions equal to −3.14�10−8 m/s, 0 m/s and 1.15�10−8 m/s,
respectively have been considered on the basis of steady-state infiltration and evapo-
ration rates commonly encountered in the field under natural environmental conditions
(Lu and Likos 2004). Different properties of clay and sand used in this analysis are given
in Table 1. The typical values of a, n and ks given in Table 1 are collected from the
literature (Lu and Likos 2004; Vahedifard et al. 2015) for the chosen soil types. In order
to carry out the parametric study, (i) the cohesion and backfill surcharge pressure have
been normalized as c′/cH and v/cH, respectively, and (ii) the unit weight of chosen soils
were kept equal to 20 kN/m3 irrespective of the soil types. Using Eq. (3) and the
properties of soil (Table 1) taken to consideration for performing the analysis, the profile
of suction stress has been plotted in Fig. 2(a–b) in terms of normalized suction stress
(rs=cH) vs. normalized distance above water (y + H0)/H for different wall heights and
flow conditions with backfill as clay and sand. It has been found that the suction stress rs
profiles in unsaturated clay is almost linear and independent of wall height whose
magnitude drastically reduces when flow changes from infiltration to evaporation and
for all flow conditions, the value of suction stress is always zero at the level of water
table and attains its maximum value at the ground surface. The suction stress rs profiles
in unsaturated sand is highly nonlinear, reduces with a decrease in the height of wall and
independent of backfill flow conditions, that is, the stress profiles merge to a single line
for all types offlow for a given height of wall. Further, in sand, the value of suction stress
increases gradually when the distance from the water table (y + H0) increases before
attaining a peak value after which the value drops continuously and may even get
diminishes when the distance (y + H0) approaches to the ground surface. Similarly
using Eqs. (3) and (4), the profile of apparent cohesion for soils under unsaturated
steady flow can be obtained, and the profile of both suction stress and apparent cohesion
are found to be almost the same with changes only on the magnitudes.

Figures 3 shows the variation of the active earth pressure coefficients, Ka and K 0
a

with height of wall H under the influence of different backfill flow conditions (infil-
tration, no-flow and evaporation) for wall inclinations i = 0° with k = 0, H0 = 0,
d = 1/2/′ and v=cH ¼ 0:1. It can be seen that the magnitude of Ka and K 0

a are found to
be continuously increasing with an increase in the height of wall H for unsaturated sand
backfill. The values of Ka and K 0

a corresponding to different unsaturated flow condi-
tions such as infiltration, no-flow and evaporation has been found to be almost the same
for unsaturated sand at all the heights of the wall as a result of which the curves for Ka

and K 0
a corresponding to different backfill flow in unsaturated sand merged to a single

curve. On the other hand, in the case of clay backfill, hardly any change in the values of
Ka and K 0

a is found to occur with change in the values of H indicating that the pressure

Table 1. Properties of unsaturated clay and sand under consideration

Soil type /′ c′/cH n a (kPa−1) ks (m/s)

Clay 20° 0.05 2 0.005 5�10−8

Sand 30° 0.00 5 0.100 3�10−5
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coefficients are independent of the wall height. Moreover, the values of K 0
a have been

found to be greater than Ka for all the flow conditions and the difference between K 0
a

and Ka increases when the flow changes from evaporation to no flow to infiltration

0

0.1

0.2

0.3

0.4

0.5

0 0.5 1 1.5 2 2.5(y+H0)/H

For all backfill flow conditions

Sand backfill

H = 4 m
H = 3 m
H = 2 m
H = 1 m

(b)

0
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/ γ
H

σ s
/ γ

H

Fig. 2. Variation of normalized suction stress with normalized distance above water for different
wall heights and flow conditions with backfill as (a) clay; and (b) sand.
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condition. In unsaturated sand, significant difference between the magnitudes of Ka and
K 0
a is observed for wall height less than 2 m.
For H0 = 0, d = 0 and v/cH = 0, the variation of Ka and K 0

a in sand backfill with /′
(i) for different heights of wall is presented in Figs. 4(a) for i = −10°, and (ii) for
different inclinations of wall with vertical for H = 3 m is illustrated in Figs. 4(b). The
magnitudes of Ka and K 0

a decrease continuously with increasing soil friction angle and
decreasing height of wall. As aforementioned, it can also be seen from the Fig. 4(a) that
the magnitudes of pressure on the retaining wall before and after the crack formation in
the backfill mass is exactly the same for wall heights greater than 2 m. For lower
heights of wall, the active earth pressure coefficients Ka may even become zero when
/′ is less than 30°; in such cases the soil backfill has the capability to remain stable
without exerting any pressure on the retaining wall. However, the wall may be unstable
as active pressure is exerted in the presence of tensile crack. Figures 4(b) shows that the
values of Ka and K 0

a in sand backfill changes significantly with the inclination of wall.
For positive inclination of wall, the magnitude of active pressure on the wall is higher
than the negative inclination. This clearly shows that the wall inclination angles have
larger impact on the magnitudes of active earth pressure.

The distribution of normalized active earth pressure pa/cH along the normalized
depth of wall y/H for two different surcharges (v/cH = 0 and 0.1) and for different flow
conditions is shown in Figs. 5(a–b) for H = 3 m with k = 0, i = 0°, H0 = 0 and d = 0.
The pressure distribution curves for the case of unsaturated sand are found to be
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nonlinear and not changing with the variation in unsaturated flow conditions. For the
case of unsaturated clay backfill, the distribution of pa/cH along the normalized depth
of wall y/H is almost linear in nature. The pressure distribution curves for unsaturated
clay backfill tend towards steeper with the flow conditions changing from evaporation
to infiltration. It can be noted that the active earth pressure becomes negative in the
upper half of the retaining wall for all the flow conditions and the depth of tensile crack
zone (equal to the depth at which the pressure curves changes its sign) is found to
increase when the backfill flow changes from infiltration to evaporation. Therefore, the
magnitudes of K 0

a are noticed to be maximum and minimum for the case of infiltration
and evaporation, respectively. The increase in the magnitude of backfill surcharge
pressure causes the pressure distribution curves to shift towards the positive axis
resulting an increase in the values of Ka and K 0

a.
For studying the effect of soil-wall interface characteristics on the active earth

pressure distribution, Figs. 6 and 7 are plotted for v/cH = 0, H = 3 m, i = 0° and
H0 = 0 corresponding to different backfill flow conditions. It can be seen from the
Fig. 6 that the increase in the wall adhesion from its possible minimum (k = 0) to
maximum (k = 1) values tend to shift the pressure distribution curves slightly towards
the negative pressure axis, which indicates a marginal decrease in the pressure coef-
ficients corresponding to different flow conditions. The increase in the soil-wall
interface friction angle (d) reduces the magnitude of active earth pressure. It is worth
mentioning that the change of flow conditions and soil-wall interface friction angle
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Fig. 6. Distribution of active earth pressure in clay backfill for different flow conditions, and
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does not seem to alter the pressure distribution curves near the top of wall in the
unsaturated sand backfill.

In order to examine the effect of location of water table (H0) on the active pressure
distribution, for different normalized values of location of water table H0=H by taking
the values of parameters v/cH = 0, H = 3 m, d = 0 and i = 0°, the variation of pa/cH
along the normalized depth of wall y/H is shown in Figs. 8 and 9 for unsaturated sand
and clay as backfill, respectively. For a given orientation, heights of wall and backfill
properties of sand, the pressure distribution curves in the sand backfill (Fig. 8) are
highly non-linear for lower values of H0=H < 1/3, and nearly linearly active earth
pressure profiles were observed for larger values of H0=H. As aforementioned and
referring to Fig. 2, the suction stress reaches peak value at a relatively lower height
above the water table which in turn causes the active earth pressure profile to attain a
nearly linear trend either with increasing the height of wall or lowering of water table.
The magnitudes of active earth pressure gradually increases with an increase in the
values of H0=H. Thus, in practical situations, it may be expected that the height and
location of water table has significant effect either on reducing or on increasing the
values of active earth pressure depending the geometry of wall and properties of sand
backfill. Figures 9 shows in the case of clay backfill, the pressure distribution curves
are shifted towards the negative pressure axis with increasing in H0=H for all flow
conditions. Unlike sand backfill, a greater dependency of flow type on changing the
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profiles of active earth pressure in clay backfill is observed and the reduction in the
magnitude of earth pressure is found to increase with changing flow condition from
infiltration to evaporation. As the variation of suction stress profiles between the water
table and the top surface of retained soil mass at a given flow rate is almost linear in
unsaturated clay, any increase in the value of H0=H will obviously lead to reduction in
the magnitude of earth pressure.

5 Comparison with Available Solutions

The active earth pressure coefficients obtained from the present analysis has been
compared with the solutions reported by Vahedifard et al. (2015) for an inclined wall
(i = −10°) with H = 4 m, H0 = 0, v/cH = 0, d = 0 for two different backfill soils. The
associated comparisons are presented in Fig. 10(a–b). It can be noticed from Fig. 10(a)
that the magnitudes of active earth pressure coefficients obtained (Ka) for unsaturated
sand backfill are slightly higher (critical) than that reported by Vahedifard et al. (2015)
using log spiral slip surface. It is noteworthy that no tensile crack could be developed in
the backfill soil mass under limiting active state based on Eq. (10). For clay backfill as
shown in Fig. 10(b), the present solutions for active earth pressure coefficients Ka and
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K 0
a obtained with and without considering the effects of tensile crack has been com-

pared with Ka values reported by Vahedifard et al. (2015). It is found that the values of
Ka provided by Vahedifard et al. (2015) lies in between the Ka and K 0

a values obtained
in the present analysis. The difference in two solutions may be expected due to the
assumption followed by Vahedifard et al. (2015) in defining the point of application of
active pressure.

In Fig. 11(a–b), the active earth pressure profiles established from the present
analysis are compared with solutions of Lu and Likos (2004) for two different unsat-
urated backfill soils retaining by a smooth vertical wall with H0 = 10 m, H0 = 0,
v/cH = 0, k = 0 and d = 0. It can be clearly seen that the present solution are exactly
the same to that reported by Lu and Likos (2004) based on extended Rankine’s theory.
In case of a smooth vertical wall with k = 0, the value of critical failure plane corre-
sponding to maximum active pressure is found to be 45 + /′/2. Thus, the solutions
from the present method for a vertical smooth wall with k = 0 and the extended
solutions provided by Lu and Likos (2004) remains exactly the same.
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6 Conclusions

With the consideration of simple Coulomb failure mechanism based on modified
Mohr-Coulomb yield criterion, the active earth pressure coefficient and its distribution
against retaining walls with unsaturated backfill soils has been presented in the
framework of limit equilibrium analysis. The effect of different vertical flow conditions
and the location of water table with respect to base of wall on the active earth pressure
exerted by unsaturated clay and sand backfill have been studied by varying different
parameters such as inclination of wall, roughness and adhesion of soil-wall interface.
The present approach allows computing the active pressure developed due to unsatu-
rated backfill before and after the occurrence of tensile crack. For a given internal
friction angle of soil, wall orientation and soil-wall interface property, the active earth
pressure in unsaturated sand is found to be largely dependent on the height of wall and
also the location of water table; whereas, in unsaturated clay, it is dependent on the
location of ground water table. The variation in flow conditions alters more signifi-
cantly the magnitude of resultant active earth thrust against the wall with unsaturated
clay backfill; however, for unsaturated sand backfill, the magnitude of resultant active
force remains unaffected with changes in the backfill flow conditions. The present
study could be helpful to understand the causes of failure of retaining structures under
different flow conditions in the presence of unsaturated backfill.
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Abstract. The response of buried pipelines in cohesive soils with and without
geofoam inclusion was studied extensively in this paper. Evaluation was made
with the help of small-scale model tests. A series of small-scale models was
performed in a fabricated box test setup, which defines the buried pipeline in
cohesive soil. Black cotton soil emerged from basaltic formation in Maharashtra
region of India was chosen to represent cohesive fill over and around buried
pipes maintaining the constant embedment depth. Fabricated test setup was
equipped with the front transparent glass panel to facilitate the capture of par-
ticle movements in the small-scale model during the increments of the loading.
A 2-inch diameter HDPE pipe was used so as to represent prototype buried
pipes. Geofoam was used as a compressible inclusion varying its density and
cross sectional width. Plane strain conditions were adopted for all the tests. An
image analysis technique was used to evaluate the performance of the geofoam
in enhancement of deformation behavior of the buried pipe. Strip loading was
applied with a constant load rate of 0.1 N/Sec using a Universal Testing
Machine (UTM). This facilitates the correct evaluation of dissipation of the
energy due to geofoam through soil arching and compression of the geofoam.
Inclusion of geofoam around buried pipe prevents the adverse effects of
unforeseen excessive forces on the pipeline resulting in minimal serviceability
of the pipelines, reduced cost of maintenance, and reduced losses in the system
and finally the effective economical operations in adverse geotechnical condi-
tions. A maximum reduction of 32.14% was observed in the vertical deforma-
tions of buried pipe when a 150 mm wide low density geofoam was included
beneath the shallow foundation at embedment depth equal to width of the
footing.

Keywords: Buried pipelines � Geofoam � Black cotton soil � Small scale
modeling � Image analysis

1 Introduction

The pipelines usually buried below the ground for economic, aesthetic and environ-
mental reasons. Generally oil and gas pipelines are designed and constructed as con-
tinuous pipelines, while water supply pipelines are constructed as segmented pipelines.
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These pipelines are subjected to different types of loads like soil load, traffic load and
construction loading also. Due to the temperature and pressure pipelines also change its
behavior as well as different types of soil would also affect on pipeline. Several authors
have put forward their studies Corey et al. (2014); Stephen (2011); (Watkins (2004);
Johnson et al. (2010); Anirban De and Zimmie (2016); Lin and Chou (2012)). Behavior
of fine grained cohesive soils varies greatly when it comes contact with the water. It is
absolutely essential to shield from destruction the buried pipelines against differential
action of loading. The different types of load may cause to unreasonable differential
deformation in pipes, which may further result in damage or crack of such pipes,
disruption in the transportation or intended fluids. Some of the authors have suggested
the use of geofoam to protect these pipes from surrounding soil (Bilgin and Stewart
(2012)). However, their research is mainly limited to the concept-based application
than the actual modeling of the buried pipelines. Buried pipelines could be protected by
using geofoam inclusion with varying effectiveness of several factors such as density
and width of the geofoam, etc. Present study demonstrates the small-scale experimental
evaluation of the buried pipelines with and without geofoam. Three different densities
of geofoam was adopted in the present study along with the three different widths. The
model pipe diameter and loading type were kept constant throughout the study. A strip
load 0.203H wide (where, H is the height of the pipe embedment) was applied on each
of the model test at the top surface of the soil. The width of the strip load was chosen
such that the Terzaghi’s failure does not extend upto the pipe embedment depth.

2 Motivation Behind Present Study

Black cotton soil is highly unreliable in nature due to presence of clay minerals
especially montmorillonite. When strip load is gradually applied on soft clay, it forms a
zone of punching shear failure. The punching shear failure directly transfers the load on
buried pipe causes deformation in the pipe. Figure 1 shows the schematic cross section
of the buried pipes with and without geofoam inclusion. The zone of punching shear
extends the deformation of clay and load deposited towards the pipe. When geofoam
placed below the strip footing at a certain depth, geofoam compresses and the settle-
ment due to strip loading get distributed in the surrounding clay. This forms an uniform
arching in clay which distributes the deformations in the fine grained soil above the
pipe. Which further provides higher load bearing area and thus comparatively less load
transferred on the buried pipe. Spreading in load transfer should heighten with com-
pressibility of the geofoam as well as with the available volume for compression under
the foundation. Higher compressibility could be achieved with decrease in geofoam
density, providing higher volume change in the embedment area. Increase in width of
geofoam may demonstrate possible efficacious results in load scattering. With higher
width of geofoam below footing wider the spread of load and greater possibilities for
clay arching, increase bearing area and shear strength development of clay. So, the
present study demonstrates the evaluation of effectiveness of geofoam inclusion to
reduce earth pressure on buried pipes in cohesive soil. Small-scaled experimental
evaluation was performed with parametric variation in geofoam width (50, 100 and
150 mm) and geofoam density (8, 16 and 24 kg/m3).
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3 Model Materials

3.1 Soil

Black cotton soils are found in many part of India. The black cotton used in this study
was collected from Mukundwadi, Aurangabad (Maharashtra). Black cotton soils have
been identified on igneous, sedimentary and metamorphic rocks. It is mainly formed by
the chemical weathering of igneous rock namely basalt. The soil is classified as high
plasticity clay (CH) with expansive behavior. The optimum moisture content of black
cotton was found 18% at maximum dry density of 1.56 g/cm3. In the present study, soil
was placed at 10% wet of optimum conditions. This was obtained as dry density
1.404 g/cm3 and moisture content 29%. Summary of properties of the model black
cotton is shown in Table 1. Figure 2 (a) shows the pictorial view of collected sample of
black cotton soil.

3.2 Geofoam

To represent a compressible inclusion below the shallow strip footing, expanded
polystyrene (EPS) geofoam was used. EPS8, EPS16 and EPS24 types of geofoam were
used in the present study with varying density 8, 16 and 24 kg/m3 respectively.

 (a) Profile at the beginning of the test 

 (b) Deformed profile 
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Fig. 1. Schematic cross section of buried pipe with and without geofoam
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Table 1. Properties of model materials used in present study

Particulars Quantity

Black cotton soil
Soil classification CH
Liquid limit (%) 68
Plastic limit (%) 26.40
Plasticity index (%) 43.50
Optimum moisture content (%)
Maximum dry density (gr/cc)

18
1.56

Grain size distribution:
Sand (%)

5.1

Silt (%) 45
Clay (%) 49.9

HDPE pipe

Diameter, Dp(m) 0.05
26Compressive load at 10% strain, (kN)

Geofoam

Geofoam type Expanded
polystyrene

Expanded
polystyrene

Expanded
polystyrene

Geofoam legend EPS8 EPS16 EPS24
Density (kg/m3) 8 16 24
Compressive resistance at 2%
strain (kPa)

17 42 74

Compressive elastic modulus
(kN/m2)

850 2100 3700

(a) Model Clay (b) Model pipe (c) Model geofoam 

Fig. 2. Photograph view of model materials used in the present study
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The unconfined compressive resistance and elastic modulus was obtained as to be 17,
42, 74 kPa and 850, 2100 and 3700 kPa for geofoam EPS8, EPS16 and EPS24
respectively. The unconfined compressive stress strain variation for model geofoam
used in the present study shown Fig. 3. Table 1 summarizes properties of the model
geofoam.

3.3 HDPE pipe

The model pipe stands for the flexible buried pipeline used for water, gas and oil
transportation. In the present study a commercially purchasable 2-inch diameter flex-
ible HDPE pipe was used. Properties of the model pipe were assessed through uniaxial
compression test. A simple arc arrangement was made with mild steel so as to ensure
the load transfer in single vertical axis and no slippage occurs during the compression

Fig. 3. Unconfined uniaxial stress strain behavior of model geofoam

(a) At beginning of the test (b) At the end of the test 

Fig. 4. Photograph view of uniaxial compression test on model HDPE pipe
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tests. Photographic view of uniaxial compression test on model HDPE pipe used in the
present study is shown in Fig. 4. Variation of load with vertical deformation of the pipe
is shown in Fig. 5. Correlation of deformation to the vertical load was further used in
the analysis and rendering to assess the load transferred on the pipe with and without
geofoam inclusion. The loads were estimated on buried pipes based on the uniaxial
load deformation information and are representative in nature. The approach followed
was to evaluate the efficacy of the geofoam and limited to uniaxial tests in the present
study. However, to arrive upto the accurate load transferred over the buried pipes the
confined load deformation relation should be adopted, which is the future scope for the
present study.

4 Model Test Package and Test Procedure

4.1 Model Test Package

The front view of the buried pipeline model constructed without and with geofoam
inclusion is shown in Fig. 6. A custom designed and developed strong steel box
fabrication was used for small-scale tests on buried pipelines model (with 3 MS steel
walls and a glass front, shown in Fig. 6). The fabricated strong box consists of a
10 mm thick steel panel from four sides i.e. bottom, back, and side panels. A 12 mm
thick glass panel was placed as the front panel to make easier the two dimensional view
of the model. Movements occurring in the fine grained soil mass were captured with the
help of a digital camera at a fixed time interval through this transparent front glass
panel. The strong box was proof tested for its ability before starting of the tests for
different soil backfills and different loading strengths. The loading intensity reaches up
to the 50 kN no deformations were observed to occur in the steel panels of the strong
box. Measurements were done with the help of image acquisition and analysis and
deformations were checked between the box before beginning of the test and during the
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Fig. 5. Uniaxial load deformation variation of model HDPE pipe
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tests. The front glass panel was observed to break catastrophically, as the vertical load
reaches 50 kN (characteristic value obtained based on 95% successful dummy tests).
Inside the strong box numbers of thin polythene sheet strips were placed after appli-
cation of grease layer. During the test polythene strips were placed such that those
moves along with the soil and no boundary friction occur. A fine grained soil was
placed at uniform maximum dry density 1.404 gm/cm3 consistently for the entire test
performed. A benchmark was four permanent markers, which were glued to the glass
panel so as to measure movements of the moveable markers throughout the
advancement of the tests. ‘L’ shaped plastic markers were in the soil at specific intervals
to supervise the movements during the tests. PVC stand arrangement was used to hold
Digital camera to make easier the undistorted supervising of the experimental buried
pipeline models. EPS8, EPS16 and EPS24 three different geofoam types with varying
width were used in the present study, which were placed exactly at depth equal to width
of the footing (Bf) for all the model tests. Throughout the progress of the test two sets
of lithium battery operated LED lighting panels were used to maintain a constant
intensity of illumination.

4.2 Test Procedure

A footing was placed at the center of the test model having 0.203 H wide. Every test of
buried pipelines models were tested under a UTM (Universal Testing Machine) at
DIEMS Aurangabad with a maximum compressive and tensile capacity of 1000 kN.
Load was applied in vertical direction gradually at a constant strain rate of 1.0 N/sec till
the maximum settlement of 30 mm reaches or the maximum load of 30 kN reaches
(whichever occurs first). Continues sequential images were taken using a Digital
camera (Canon make, 9 megapixel, and enhanced shutter speed) with constant time
interval equal to two second per image and at the fixed distance from the model such
that the picture frame of the camera captures the full view of the model. A connected
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Fig. 6. Front view of the model test package
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computer stored the all images throughout the progress of the test and a few meters
away from the test setup computer located.

5 Test Program

The details of the model tests performed in the present study shows in Table 2. In the
study total 10 model tests were performed with and without geofoam inclusion below
strip footing. Model BP11 was tested without any geofoam inclusion and it was treated
as the base models for evaluation of the efficiency of the geofoam in reduction of
pressure on buried pipelines in cohesive soils.

6 Analysis and Interpretation

With the help of open source software package ImageJ, deformations and strains were
calculated based on particle movements in sequential images. ImageJ provides analysis
and interpretation modules on a set of images. A wide range of measurements are
possible on sequential images with software ImageJ. Different macros can be written to
formulate a repetitive analysis on the particle movements in the images. With the help
of comparative successive analysis in consecutive images, a reference measurement
could be made at various points in the images. Using a Template matching, ROI
(Region of interest), PIV (Particle image velocimetry) analysis all particle movements
could be tracked with incremental images with progress in the test. By using the
advanced Template matching and PIV (Particle Image Velocimetry) the displacements
occurred in buried pipe was depicted. The deformed profile of buried pipe with sur-
rounding cohesive soil with and without geofoam for strip loading represented in
Fig. 7.

Table 2. Details of the model tests performed in the present study

Test legend Geofoam width (mm) Geofoam density (kg/m3)

BP11 *N.A *N.A
BP12 50 8
BP13 100
BP14 150
BP15 50 16
BP16 100
BP17 150
BP18 50 24
BP19 100
BP20 150

*Not applicable as test was performed without geofoam
inclusion.

Effect of Geofoam Inclusion on Deformation Behavior 27



7 Image Analysis

The open source software ImageJ worked on the images analysis which obtained from
the test performed. The advanced template matching plugins and PIV (Particle Image
Velocimetry is a velocity-measuring technique. The technique was originally imple-
mented using double-flash photography of a seeded flow. The resulting photographs
contain image pairs of each seed particle. For PIV analysis, the photograph is divided
into a grid of test patches. The displacement vector of each patch during the interval
between the flashes is found by locating the peak of the autocorrelation function of
each patch. The peak in the autocorrelation function indicates that the two images of
each seeding particle captured during the flashes are overlying each other. The cor-
relation offset is equal to the displacement vector.) analysis are used to measure dis-
placements, which was occurred in, above and around the pipe and geofoam. The
deformed view of observational models with and without geofoam is shown in Fig. 7.
With the help of image analysis throughout sequence order of images the markers were
carried. In this experiment the reference markers were non-displaced and so were used
to establish a benchmark for image calibration as well as to measure displacement of
the movable plastic markers. When geofoam was included below the shallow, foun-
dation deformations were observed to decrease importantly. When geofoam was
introduced in the experiment geometry, the primary deforming zone was found to be
concentrating in and around the foundation area. Further, these deformations were
observed to be decreasing the seeable heaves at the surface level as well as the
deformations in the buried pipe.

The displacement vector diagrams for buried pipeline experimental models without
and with geofoam shown in Fig. 8. Comparison is made between two identical models
with and without geofoam at a maximum footing settlement of 30 mm. For the
improved visualization of the results the vectors in figure are scaled up two times than
the original. Punching shear failure could clearly be observed when no geofoam
inclusion was made. The fine grained soil deformation carry further to the buried pipe
and the zone of plastic equilibrium moves away and forms a heave on both side of the
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Fig. 7. Deformed profile of buried pipe and surrounding soil
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footing. It observed to decrease with increase in width of the geofoam when geofoam
was placed below footing at depth Bf. When the geofoam inclusion provides a com-
pressible bed below footing which compress allowing the load distributed forming an
invert arch and load maximum at center and minimum at corner. Due to this the load
transfer from axial direction to the outward diagonal directions. Majority of the
movements in cohesive soil occurs well above the buried pipe at the same time. This
made easier to the shear strength improvement of the cohesive soil and thus transfers
reducible loads on the buried pipe.

BP-11 BP-12 (ρ=8kg/m3)

(a) Without geofoam                                          (b) With geofoam, Bg/Bf=1 

BP-13 (ρ=8kg/m3) BP-14 (ρ=8kg/m3)

(c) With geofoam, Bg/Bf=2                                (d) with geofoam, Bg/Bf=3 

Fig. 8. Displacement vector for test models with and without geofoam
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8 Results and Discussion

8.1 Influence of geofoam width and geofoam density

Deformations in the vertical direction were calculated from image analysis for all the
model tests performed in the present study. It was observed that the deformations in the
pipe are inversely proportional to the width of the geofoam and directly proportional to
the density of the geofoam. Figure 9(a) shows the variation of vertical deformation
occurred in pipe with respect to the normalized width of the geofoam for varying
density of the geofoam. A similar representation about the load transferred on the pipe
could be made as shown in Fig. 9(b). The load transferred to the pipe was estimated
based on the deformations measured through image analysis and the corresponding
load from the load deformation diagram of HDPE pipe as shown in Fig. 5. The vertical
axis is normalized to the pipe diameter in Fig. 9(a). A maximum reduction in load
transferred of up to 32.14% was observed in case of low-density geofoam (EPS8)
having maximum width of 150 mm. Table 3 summarizes the results obtained from the
series of the model tests performed in this study.

9 Conclusions

Based on the observations made in the present study, Conclusions made are as below,

1. Geofoam as a compressible inclusion placed below strip footing provides signifi-
cant reduction in transferred load on buried pipes.

2. As the density of the geofoam inclusion decreases, the load on buried pipes reduces.
Which means the load transferred on the buried pipes is inversely proportional to
the density of the geofoam.

Table 3. Summary of the model tests performed in the present study

Test
legend

Geofoam
width (mm)

Geofoam
density (kg/m3)

Vertical deformation
in pipe, Sp/Dp

Load transferred
on pipe (kN)

BP11 *N.A *N.A 0.024 28
BP12 50 8 0.012 23
BP13 100 0.01 20
BP14 150 0.009 19
BP15 50 16 0.018 26
BP16 100 0.014 23
BP17 150 0.011 21
BP18 50 24 0.022 27
BP19 100 0.018 24
BP20 150 0.014 22

*Not applicable as test was performed without geofoam inclusion.
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3. With increase in width of the geofoam load reduction increase. This is mainly due
to the load dispersion over wider area in clay above the pipe. The strength of the soil
mobilizes with increase in width of the geofoam. A maximum decrease of 32.14%
in load on the buried pipe was obtained when a low-density (i.e. 8 kg/m3) geofoam
with maximum width of 3Bf was used.

4. So, A maximum reduction in load transfer on buried pipes due to surface loading
can be achieved with help of low density geofoam having wider width as a com-
pressible inclusion over the buried pipes.

9.1 Limitations

Pertaining to the fact that the small-scale modeling is associated with various limita-
tions following limitations are described in the context of the present study.

1. Small-scale modeling does not induce the identical stress strain conditions as that of
field conditions, so the results obtained and presented in this paper should be used
only to understand the patterns of load distribution. To interpret the actual analysis
and design values a field study or centrifuge model study is recommended.

2. Load transfer mechanism may also be the function of pipe material type and sur-
rounding clay, so a detailed parametric study using this variable is needed to per-
form to arrive up to suitable implementation of geofoam in the field applications of
pressure reduction.

3. The load estimate on the buried pipe was made based on isolate compression test
only, however the estimates of the loads must be made based on the confined
behavior of the pipe embedded in soil. So this is included in the future scope of the
present study.
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Abstract. A series of 1/3-scale experimental model tests were performed at the
American University of Sharjah (AUS) to assess the performance of strip
footing constructed adjacent to nonyielding basement wall. Different construc-
tion design parameters have been considered including the strip footing width
(B), its distance from nonyielding wall back (a), and footing embedment depth
below the backfill surface (Df). The effects of nonyielding wall proximity to the
strip footing were investigated. The experimental results show that the lateral
deflection of the nonyielding wall is a major factor in dictating the load carrying
capacity of the strip footing. The vertically loaded strip footing imposed sig-
nificant vertical and horizontal forces at the wall top and bottom boundaries. The
strip footing load carrying capacity increased as the footing width decreased, the
distance from the wall increased and the embedment depth increased. Mean-
while, the vertically loaded strip footing imposed significant vertical and hori-
zontal forces at the wall top and bottom boundaries. The data gathered from this
program is used to identify deficiencies in current design methodologies for
similar soil structure interaction problems.

1 Introduction

The urgent needs to parking spaces all over the world forced the designers to use
multi-levels basement as a viable solution to the parking problems. With the extensive
use of multi levels basements the possibility of constructing shallow foundation in the
vicinity of old (existing) basement walls increased. The existence of shallow founda-
tions closer to basement walls is expected to impose external lateral pressure in
addition to the currently considered lateral earth pressure due to soil. A literature
review showed that basement walls are usually designed to resist the soil static lateral
earth pressure. This earth pressure is traditionally calculated using the at rest earth
pressure theory proposed by Jaky (1944), which proven to be unsatisfactory for heavily
compacted soil (Mayne and Kulhawy 1982; Schnaid and Houlsby 1991; Fang
et al. 2007; El-Emam 2011).

The additional lateral earth force imposed by shallow foundation constructed in the
vicinity of basement walls may cause excessive lateral deflection, damage, or may
be failure of the wall. In the meantime, the performance of the shallow foundation may
be significantly affected by the performance basement wall (i.e. wall deflection or
movement). The design guidelines assume that the footing performance is not affected
by the existence of the basement wall, and consider a full bearing capacity for the
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footing. In the meantime, for the basement wall design the method only considers the
lateral earth force resulted from the strip footing. The lateral earth pressure imposed on
vertical basement wall by strip surcharge load is usually calculated using the modified
Boussinesq’s Equation (Jarquio 1981; Misra 1981; Barnes 2010) is based on theory of
elasticity. Assuming linearly elastic behavior of this problem is expected to lead to
neglecting the elastic nonlinearity and the plastic responses of the footing and the
deformed wall. Plastic responses of both soil and basement wall are expected when the
loading intensity on the footing is large and/or the wall rigidity is small. Assuming
elastic behavior of soil might be resulted in underestimation of lateral earth forces
calculated using Boussinesq’s Equation, and in turn lead to unsafe design of the wall.
In addition, this method neglects effect of soil strength on lateral-earth pressure against
a wall, which is proven to be a major factor, Misra 1981 and Motta 1994. Therefore, a
comprehensive analysis and design method that consider the movement and rigidity of
the wall, and elastic and non-elastic responses of wall-soil-footing system is needed.
The current research is a major step towards the development of this method of
analysis.

Previous research work has indicated similar needs for the comprehensive analysis
and design theory. Rehnman and Broms (1972) conducted a series of full scale model
tests of reinforced concrete retaining walls to investigate the compaction induced
stresses. In the experimental models two types of backfill were used; gravelly sand and
silty fine sand. The loading of the experimental models simulated the application of
wheel loads as surcharge of a pair of wheels with 2 m apart, 7.5-ton loads and 1 m
away from the wall. Results showed that the measured peak pressure increased during
loading, and the residual pressure increased after removal of point surcharge load. Dave
and Dasaka (2012) examined both magnitude and distribution of earth pressure with
reference to rigid cantilever retaining wall movements. They concluded that the earth
pressure due to surcharge loading was greater near the top of the wall and decreased
nonlinearly down the wall. Finally, Dave and Dasaka (2012) concluded that Jaky’s
equation underestimates the earth pressure up to the mid height of wall, and overes-
timates it in the remaining section of the wall with depth. Results showed that as the
surcharge-wall distance increases, the earth pressure imposed on the wall reduces.
Fang et al. (2007) conducted experimental models where a strip footing was placed at
distances away from the wall a = 0.15 m, 0.20 m, 0.40 m. It was found out that the
experimental lateral soil force induced by surcharge loading was apparently smaller
than the theoretical predictions. In addition, they reported that Jaky’s solution under-
estimated the lateral earth pressure in the compaction influenced zones near the top of
the wall that have experienced high pressures due to compaction.

The main objective of the current research is to investigate the behavior of strip
footing constructed adjacent to nonyielding basement wall. In this paper, results of
three reduced-scale wall-strip footing model testes are reported. The emphasis of the
paper is on the quantitative effect of the wall on footing load carrying capacity and
settlement and the effect of the footing on the wall responses. The strip footing distance
from the wall is the major parameter that is represented in this paper.
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2 Laboratory Testing Program

2.1 Testing Facility and Materials

A total of fifteen 1.15 m-high model nonyielding walls-strip footing system constructed
at 1/3 scale comprise the experimental portion of the current research program. Results
of three model walls from this series of tests are presented that demonstrate the
influence of the strip footing width (B) on the response of nonyielding wall-footing to
applied vertical stresses. Figure 1 shows a typical nonyielding wall-strip footing model
test. The wall thickness was 7.5 cm, the footing width was selected to be B = 15 cm
and 25 cm, and the distance between the footing and the wall was selected to be
a = 3B. The model walls were designed in accordance with similitude rules proposed
by Iai (1989), to ensure that the geometry of the walls, soil properties and strip footing
parameters were typical for a prototype (i.e. field scale). The similitude laws proposed
by Iai (1989) using the geometrical scale factor k = 3 in this investigation, where
k = Hp/Hm, and Hp and Hm are the heights of both prototype and model, respectively.
More details about Iai’s similitude could be found at El-Emam and Bathurst (2004,
2005, 2007) who successfully adopted the same scale factors in producing 1-g shaking
table models for reinforced soil retaining wall.

The backfill material used in the model tests was acquired from Ras Al-Khaimah
Quarry, UAE. According to the Unified Soil Classification System (USCS), the sand
can be classified as well graded sand (SW), with angular to sub-angular particles. This
sand was selected because it is locally available and used with many of local con-
struction projects. The sand had a maximum dry unit weight of 17.9 kN/m3 at Optimum
Moisture Content of 5.5%. Direct shear tests on the sand prepared to the same unit
weight gave a peak direct shear friction angle / = 43o. Figure 2 indicates the grain size
distribution for RAK sand used in this study.

Fig. 1. 1/3 Nonyielding wall-strip footing model under construction with full height panel
facing.
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The wall facing was constructed from 23 hollow steel box-sections bolted together
with 3–20 mm diameter rods to form a 1.15-m high rigid panel. The strip footing was
made of rigid wood plate of 136 cm length (representing the width of the steel box) and
different width B = 15, 20, and 25 cm. The wooden plate is reinforced with two-10 cm
by 10 cm cross section steel beams welded together. A sand layer was glued to the
bottom face of the wooden plate (i.e. the face in contact with the soil) in an effort to
reduce slippage between the footing and the sand backfill (see Fig. 1).
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Fig. 2. Grain size distribution curve for Ras Al-Khaimah sand.
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Fig. 3. Schematic for nonyielding wall-strip footing model with different types of
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2.2 Instrumentations and Applied Vertical Stresses

Up to 16 pieces of instrumentation were deployed in each model wall-footing system.
The wall horizontal deflection was measured using a Linear Voltage Displacement
Transducer (LVDT) that was mounted against the mid height of the wall.

Fig. 4. Footing vertical stress increments versus time for three model tests, and schematics of
the responses measured during the tests.
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Three vibrating wire transducers pressure cells were used to measure the lateral soil
pressure at the back of the wall during loading stages. Two vertical and two horizontal
load cells were installed at the base of the wall panel to measure the forces transmitted
to the footing (wall toe) both vertical and horizontal, respectively. In addition
two-horizontal load cells were installed at the top of the wall panel to measure the
horizontal force transmitted to the top. Figure 3 shows a schematic for strip
footing-nonyielding wall with different types of instrumentations.

The strip footing was instrumented with two load cells, inserted between the
footing and the hydraulic actuator, to directly measure the vertical load applied at the
footing. In addition, three LVDTs were attached to a rigid wooden beam above the
strip footing to measure the vertical settlements at three different locations of the strip
footing (Center, left side and right side). Finally, InstruNet World Software was utilized
to collect data from all sensors using the data acquisition and a fast PC.

The vertical stress was applied on the strip footing as stepped-stress increments, as
shown in Fig. 4a. Each stress increment (Drv) is held for 15 min before applying the
next stress increment (Jalla 1999) (ASTM 1994). The vertical stress increased until the
model failed due to large footing vertical settlement (i.e. dv = 0.1B) or large wall
horizontal deflection or both. Loading sequences and procedures are applied to follow
the Plate Load Test (PLT) standards (ASTM 1994). In some cases tests were ended
when the ratio of load increment to settlement increment reached minimum. (ASTM
1994) In other cases of excessive horizontal wall deflection the tests were stopped to
maintain the integrity of the nonyielding wall panel.

3 Results and Discussion

3.1 Strip Footing Vertical Stress and Settlement

3.1.1 Footing Vertical Stress
In this paper, time histories of the measured responses for three model tests are pre-
sented as typical results of the measured responses of all 15 model tests. The three
models were constructed with footing width 25 cm. The strip footing is constructed at
distances from the wall a = 1B, 2B, 3B and 4B. To have a uniform base of comparison,
the applied vertical stresses for each footing versus time increment is shown in Fig. 4a.
It is clear that there is perfect agreement between the three stress histories after the first
3 increments. At the first 3 stress increments, a slight deviation in the applied stresses
could be noticed. Figure 2a indicated that, stress applied on footing of model with
footing distance a = B was slightly larger compared to stress applied for the models
with footing constructed at other distances (a). This stress difference might be taking
into consideration in the following discussion, as the comparisons will be in the time
domain. Whenever the comparison is in stress domain, the effect of vertical stress
difference will be eliminated. It should be noted that the wall with a footing distance
a = 1B reported to be reach failure at the fourth vertical stress increment.
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3.1.2 Footing Vertical Settlement
Footing vertical settlement increment for the three model tests versus time are shown in
Fig. 5. It is clear that the footing vertical settlement increased as the applied vertical
stress increment increased for all model tests. In addition, for the same vertical stress
increment, the model with smaller footing distance (a) showed larger vertical settlement
except for mode wall with footing distance a = 1B. This model (i.e. with a = 1B)
showed less vertical footing settlement compared to the other three models in the first
three time intervals (up to t = 2500 s), despite its larger stress increments at these time
intervals. This behavior is attributed to the nature of footing soil interactions during
loading process, shown in Fig. 6. As the strip footing constructed adjacent to the
nonyielding wall (a = B), the soil carrying the footing acts like a column, Fig. 6a.
Therefore, in this case the engaged soil properties are the confined compressive
strength rather than shear strength. As the strip footing constructed further from the
nonyielding wall (i.e. a > B), a failure wedge shown in Fig. 6b generated, and the soil
behaves in shear strength. For these reasons the footing with a = b showed less set-
tlement at the first 3 stress increments. Once the nonyielding wall started to deflect
laterally, the soil column in Fig. 6a fails in both strength loss and buckling action. This
caused the footing to suffer dramatic increase in the vertical settlement, as shown in
Fig. 5a for a = B. For other footings constructed at distances a > B, the soil wedge
engaged in carrying the footing increased with the footing stress, and therefore,
resistance to failure increased. This prevents footings from suffering large vertical
settlement. Actual settlement of a typical footing at the end of loading stages is shown
in the picture of Fig. 5b.

Another important behavior is the vertical settlement increment (Dd) associated
with same stress increment at the footing constructed at different distances from the
wall (a). Figure 5a indicated that the incremental vertical settlement at the same stress
increment decreased as the footing distance from the wall (a) increased. A close look at

Fig. 5. Footing vertical settlement increments versus time for the three model tests.
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Fig. 5a shows that the vertical strain increments Dd2 = 3.9 mm, Dd3 = 2.5 mm and
Dd4 = 1.8 mm, for footing constructed at distances a = 2B, 3B and 4B respectively.
This is occurred at elapsed time t = 4200 s and at vertical stress increment Drv = 66
kN/m2.

3.2 Lateral Deflection of Nonyielding Wall

Figure 7 shows the lateral deflection (dh) measured at the med-height of the
nonyielding wall versus time for model with different footing distance (a). For all
models the wall lateral deflection (dh) increased as the vertical stress over strip footing
increased. This is expected and attributed to the larger horizontal forces developed at
the back of the wall supporting the strip footing with smaller distance (a) (see Fig. 9).
In addition, the strip footing with smallest distance to the wall (i.e. a = B) caused
extremely larger lateral deflection on the wall, despite the near equal vertical stress
increments, compared to other models. This is explained in term of buckling failure that
occurred for the soil column under the footing (Fig. 6a) due to a slight lateral deflection
of the wall adjacent to the soil column. In this case (a B), the closeness of the footing to
the wall does not give a chance to the soil shear wedge to formulate. Finally, the
application of the fourth stress increment on the strip footing caused a lateral deflection
increments, Ddh = 24.3 mm, 2.98 mm, 0.98 mm, and 0.73 mm for models with
footings constructed at distances a = B, 2B, 3B and 4B respectively. This lateral
deflection reflected largely on the bearing capacity of strip footing as shown in Fig. 4a.

Fig. 6. Footing-soil interaction for footings constructed at small and large distances (a).
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3.3 Force Response of Nonyielding Wall

3.3.1 Wall Footing Vertical Forces
Vertical forces (RV) acting at the bottom (foundation) of the nonyielding wall are
shown in Fig. 8 for model walls with different footing distances (a). This load is
developed due to the application of the vertical stress at the top of the strip footing, and
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not including the self-weight of the wall (i.e. Ww = 1.3 kN/m). At the same vertical
stress, the footing with smaller distance to the wall (i.e. a = B) imposed larger vertical
force at the wall footing. As the distance a increased, the vertical force imposed by the
footing on the wall decreased significantly. This could be attributed to the volume of
soil affected by the strip footing (i.e. the size of developed soil wedge). It is well
understood that the volume of soil affected by the footing (soil wedge in Fig. 6b)
increased with the footing distance from the wall (a). As a result the surface which
resists the soil failure increased, leading to a decrease in the vertical force RV. It should
be noted that the force RV needs to be considered in the design of the wall foundation,
otherwise the design will be unsafe.

3.3.2 Wall Horizontal Forces
Horizontal forces (FH) developed at the back of the nonyielding wall are shown in
Fig. 9 for models with strip footings constructed at different distances (a). These forces
are developed due to the application of vertical stresses at the top of the strip footings,
and in addition to the at rest lateral earth pressure resulted from the soil itself. This
force was measured using load cells attached to the top and bottom boundaries of the
wall (Fig. 3). It is very obvious that the strip footing with larger distance from the wall
(a) imposed less horizontal force (FH) at the back of the wall. This is due to the larger
resisting soil wedges associated with larger footing distances. As the soil wedge is
getting larger, it resists the footing stress more, and reduces the lateral force transferred
to the wall. This reduces the lateral pressure at the back of the wall, and therefore
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reduces the horizontal forces FH. The incremental lateral force (DFH) at the same stress
increment is also decreased largely as the footing distance from the wall (a) increased.
This forces should be considered in designing the footing of the wall and the concrete
slab of the first basement.

4 Conclusions

A large number of wall-foundation systems were experimentally analyzed in this study.
The results were presented in the form of foundation load settlement curve for different
footing width. Also, the wall lateral forces and deflection for different models were
presented and discussed. Some important conclusions and implications to current
design practice are summarized below.

• Footing vertical settlement increased as the applied vertical stress increment
increased for all model tests. For the same vertical stress increment, the strip footing
vertical settlement increases as the footing distance to the wall (a) decreases.

• Strip footing ultimate bearing capacity increases as the footing distance to the wall
(a) increases. For footing with distances a < 3B from the wall, the ultimate bearing
capacity is expected to be less than Terzaghi ultimate bearing capacity.

• Footing with smaller distance to the wall (a) imposed larger vertical force at the wall
footing (RV). Neglecting this additional vertical force in the current code of practice
might lead to unsafe design output.

• Strip footing with smaller distance to the wall (a) imposed larger horizontal force
(FH) at the back of the wall, despite the near equal vertical stress (rV) applied at the
both strip footings. This force should be practically considered in designing the
wall.

• The lateral deflection of nonyielding wall increased as the vertical stress over the
strip footing (rv) increased, and as the strep footing distance to the wall
(a) decreased.
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Abstract. In an attempt to reduce lateral earth pressures acting on diaphragm
walls, decrease the dependency on anchors, and optimize the wall structural
design, expanded polystyrene geofoam (EPS) was introduced as a compressible
buffer between the wall and the retained soil. Based on verified outcomes from
the literature, EPS buffers is an effective solution that can significantly reduce
the static lateral earth pressure acting on flexible walls. In this paper, a 3D
numerical model was developed for a small-size diaphragm wall with EPS
buffer using the finite element (FE) program PLAXIS 3D. The constitutive
properties utilized in the model were measured as part of the material charac-
terization phase of this research project, and the model was intended to capture
the short-term behavior of the retained soil using EPS buffers with various
thicknesses. To verify the FE results, a physical instrumented prototype was
assembled to mimic the modeled diaphragm wall with EPS. The comparison
showed a decent agreement between the FE results and the prototype mea-
surements. From the main outcomes, lateral pressure on diaphragm walls was
significantly reduced by around 37% using a relatively thin EPS buffer.

Keywords: Geotechnical � Geosynthetics � Geofoam � Diaphragm walls �
EPS buffer � Lateral pressure � Modeling

1 EPS Buffers for Retaining Walls

Diaphragm walls are an expensive type of retaining systems compare to cantilever and
gravity walls. Many large infrastructure projects require diaphragm walls, as lateral
pressure represents the main acting loads that lead sometimes to wall oversized
dimensions and may require single or multi-anchors, which makes this type even more
expensive. In diaphragm walls, the geotechnical stability is achieved by providing a
sufficient wall embedded depth that prevents rotation, while the overall stability must
be achieved by conducting a slop stability check. The structural stability of these walls
require sufficient resistance against straining actions induced due to the lateral earth
pressure, which mainly comes from the soil behind the diaphragm wall.

Expanded polystyrene (EPS) geofoam is a lightweight material that can be used
instead of soil for backfill behind retaining walls to reduce the lateral pressures applied
on the walls, as the relation between lateral pressure and backfill weight is proportional.

© Springer International Publishing AG 2018
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Therefore, soil backfill behind cantilever walls can be replaced by a material such as
foam to achieve static stability (Karpurapu and Bathurst 1992; Horvath 1994; Zarnani
and Bathurst 2008; Lutenegger and Ciufetti 2009; Athanasopoulos et al. 2012; Ertugrul
and Trandafir 2013; AbdelSalam and Azzam 2016). For flexible walls, limited research
was conducted indicating that the earth pressure can also be reduced. Recently,
AbdelSalam et al. (2016) have modeled flexible cantilever walls using the
three-dimension (3D) finite element (FE) software package PLAXIS 3D Anniversary
Edition (Brinkgreve et al. 2015) to identify expected amount and possible reasons of
reduction in lateral pressure. It was noticed that an arch shape was evident in the flow
of the lateral stresses after using EPS buffer, which is due the relative large com-
pression that occurred within the bottom segment of the EPS, where part of the lateral
stresses was carried via friction by neighboring soils.

Diaphragm walls can be considered as flexible embedded wall, hence a reduction in
the lateral earth pressure can be achieved behind diaphragms as well, but if an EPS
sheet is placed as buffer between the wall and soil behind it. However, most of the
current research focused on modeling EPS behind rigid walls, some research focused
on flexible walls, and the rest focused on seismic behavior of EPS such as researches
done by Athanasopoulos et al. (2012), Padade and Mandal (2014), AbdelSalam and
Azzam (2016), and others. There is almost no research that contain information from
verified laboratory and/or numerical models to solve diaphragm walls with EPS buffer,
and this is because the method of placing EPS between wall and soil is still unknown.

In this paper, the EPS Geofoam was proposed as a thin buffer between the dia-
phragm wall and the soil behind it, in an attempt to understand the change in the lateral
pressure acting on the wall. A method of statement for placing the EPS buffer was
proposed. Local EPS properties were summarized based on AbdelSalam et al. (2015)
who conducted a series of laboratory tests for EPS characterization. Then, a diaphragm
wall was modeled using PLAXIS 3D to identify the expected amount of reduction in
lateral pressure behind such flexible wall type, and using various thicknesses of EPS
buffers. Finally, the FE results were verified against measurements from a physical
prototype constructed as part of this study. The main outcomes included design charts
that show the expected overall reduction in the lateral pressure behind diaphragm walls
with respect to the EPS thickness.

2 EPS Mechanical Properties

AbdelSalam et al. (2015) have conducted a series of tests to determine the local EPS
material properties. The laboratory testing program consisted of unconfined compres-
sion (UC) tests to determine stiffness and modulus of elasticity (Young’s modulus) for
EPS by using triaxial machine. The direct shear test (DST) was used to determine the
internal shear strength (internal friction angle and cohesion) between EPS Geofoam
beads, and modified direct shear test (mDST) to determine the external shear strength
(external friction angle) between EPS blocks and other surface. More than 20 modified
DST between EPS and other materials (complete testing procedures are found in
AbdelSalam et al. 2015) were conducted to characterize the material and interface
properties of local EPS and to serve as basis towards the calibration of the hardening soil
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constitutive model. Also the reduction factor (Rinter) values for various interface sur-
faces between EPS and other materials with respect to contact pressure were provided by
AbdelSalam and Azzam (2016), who indicated that the relation between Rinter and the
contact pressure is non-linear and tends to be constant at high stress levels.

3 Numerical Model

A one-meter embedded wall was simulated in 3D using PLAXIS 3D as shown in
Fig. 1a. The standard soil behind the wall with a density around 20 kN/m3 and the
internal friction angle 35o was replaced with the EPS Geofoam with a density of around
20 kg/m3, using various EPS thicknesses (t) to wall height (h) ration starting from
t/h = 0.025, 0.05, 0.09, and 0.13 (where t is the EPS thickness, and h is the wall
height). This large range of t/h was used in order to determine the percentage of the
reduction in lateral earth pressure acting on the embedded wall with respect to EPS
thickness. Figure 1a also shows the deformed mesh after running the model for EPS
with ratio t/h = 0.05, and results were extracted for the phase where the excavation
depth was 45 cm from the wall top. Figure 1b represents displacement in x-direction
(normal to wall plan) with maximum value of 0.15 mm. Figure 1c shows displacement
in z-direction (parallel to wall plan) with maximum value of 0.85 mm.

The constitutive models that were used to model EPS, concrete, and sand were the
hardening soil model, linear elastic, and Mohr-Coulomb, respectively. Properties for
the EPS were assumed after Azzam and AbdelSalam (2015). The properties and the
constitutive models used for all materials in the FE analysis are included in Table 1.

Figure 2a shows the lateral earth pressure (in x-direction) where the range of the
lateral pressure was 6.7 kPa at the toe of the embedded wall without EPS buffer, and
was reduced to 5.44 kPa by using EPS buffer with t/h = 0.05. Therefore, the reduction
was around 19% by using t/h = 0.05. The FE model with t/h = 0.13 showed more
reduction in the lateral stress to reach only 3.5 kPa. Figures 2b and c show the pressure
on the wall with t/h = 0.05 in y- and z-directions, respectively.

According to AbdelSalam et al. (2016), a main reason for the reduction of the
lateral pressure acting on the diaphragm wall with EPS buffer could be due to the
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Fig. 1. Wall with EPS: (a) deformed mesh; (b) disp. in x-dir.; and (c) disp. in z-dir.
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relative large compression that occurred within the bottom segment of the EPS, which
caused larger movement within the bottom portion of the soil backfill, leading to the
development of shear stresses on the sides of the moved soil portion, and hence part of
the lateral stresses was carried by friction with the neighboring soils. Accordingly,
deformed mesh, lateral deformation, and contact pressures acting on the +ve interface
plate were presented in Fig. 3. The figure shows agreement with the literature, as the
maximum deformation and stresses in the case of t/h = 0.05 was still in the bottom
third of the wall, and hence reduction in the lateral pressure occurs.

Figure 4a illuminates the effect of changing the EPS thickness on reduction of the
lateral earth pressure along the wall depth. From the figure, it was observed that the
lateral earth pressure increases nonlinear with wall depth which is expected. The lateral
pressure reached a value of 0.33 kPa, while it decreased using EPS with t/h = 0.025,
0.05, 0.09, and 0.13 to reach around 5.70, 5.44, 4.10, and 3.50, respectively. In Fig. 4b,

Table 1. Material properties used in FE model

Material model EPS hardening Concrete linear elastic Sand Mohr-Coulomb

Unite weight c (kN/m3) 0.2 22 18.5
Cohesion C (kPa) 12 N/A 1
Friction angle u (°) 33 N/A 30
Initial stiffness Eref (kPa) 3004.438 30 � 106 1.3 � 104

Interface factor Rinter 0.7 Rigid 0.67
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Fig. 2. Stress on wall with t/h = 0.05: (a) x-dir.; (b) y-dir.; and (c) z-dir.

(a) (b) (c)

-0.15

-0.06

0.03
x 10-3 m

0.00

-0.30

-0.90

-0.12

-6.00

-3.20

0.40

-0.80

-1.60

-4.00

-5.20

kN/m2

Fig. 3. Wall +vet interface: (a) deformed mesh; (b) lateral deformation; (c) lateral stress

3D Modeling of EPS Geofoam Buffers Behind Diaphragm Walls 49



the lateral pressures (rx) was normalized with respect to the vertical overburden stress
(rv), which is corresponding to Ka. The elevation (Z) is represented on the vertical axis
of the figure. It was measured from the wall top and positive downwards, and was
normalized against wall height (h), whereas horizontal axis represents Ka. As can be
seen from the figure, the average value of Ka after using the smallest EPS buffer of
t/h = 0.025 was around 0.34, whereas this value was reduced to 0.32, 0.28, and 0.26
when using EPS buffers with t/h = 0.05, 0.09, and 0.13, respectively.

4 Verification Using a Physical Prototype

4.1 Prototype Description

A physical prototype was assembled in the laboratory to verify the results of the FE
model, with length equal to 140 cm, width 60 cm, and height 100 cm. The side walls at
the boundaries of the prototype were made of thick plywood, braced along the
perimeter using horizontal struts, and at the corners using four vertical struts. The base
of the prototype was directly placed on a concrete slab-on-grade. Figure 5a shows a
photo of the prototype wall with EPS buffer fixed along its length, whereas this figure
shows the buffer with thickness equal to 25 mm (i.e., t/h = 0.025). The flexible dia-
phragm wall of the prototype was made of plywood with thickness equal to 12 mm
without bracing, so that the stiffness of the wall is small to fully mobilize the active
earth pressure. The wall height of the prototype was 100 cm, totally fixed from the
bottom with the base, and from the sides with a height of 55 cm from the bottom.
These boundary conditions were made based on manual calculations assuming that the
wall embedded in the soil and has a free length of 45 cm. More information about the
prototype can be found in AbdelSalam et al. (2016).

As shown in Fig. 5b, the soil backfill was initially placed and compacted on both
sides of the wall in 5 equal layers of 20 cm, then removed in 10 equal layers (5 cm
each) from the passive side. The soil backfill was course sand with same properties
summarized in Table 1. Figure 5c shows the passive side after excavation to a maxi-
mum depth of 45 cm from the wall top, and also shows the in-house data acquisition
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board that was connected with four pressure sensors installed along the wall length
from the active side. The figure also shows one displacement dial gauge installed to
monitor the horizontal displacement for every test configuration.

4.2 Prototype Results

Five configurations were tested using the prototype and that for verification purposes
required for the 3D model. In the first configuration the lateral pressure on the wall
stem was measured with no EPS buffer (control test), whereas in the other four con-
figurations EPS inclusions with t/h equal to around 0.025, 0.05, 0.10, and 0.13
(density = 20 kg/m3, to be similar to the EPS used in the 3D model). From Figs. 6a to
d show the relationship between the lateral stresses to the wall depth (lateral stresses
along the horizontal axis and the wall depth along the vertical axis). As can be seen
from the figures, the lateral stresses increased by increasing the excavation level until
reaching the maximum designed excavation depth, then the curves started to decreasing
at the bottom third of the wall height. By using larger thickness of EPS, a significant
reduction in the earth pressure was noticed. This reduction can be clearly seen when
comparing between different test configurations presented from Figs. 6a to d. By
increasing the EPS thickness to 130 mm, the reduction in lateral stress at a wall depth
of 65 cm was 37% and at the wall base was 77%.

4.3 FE Model Verification

From Figs. 6a to d also show a comparison between prototype results and outcomes
from the 3D numerical model using EPS thickness of 25, 50, 90, and 130 mm. By
comparing the outcomes from the 3D model with the prototype results, it was noticed
that there is a good agreement between both; although, some differences appear at the
bottom third of the wall height. These differences ranged from 24% to 40%, whereas
the FE model results were on the conservative side in most cases except when the EPS

Fig. 5. Prototype (a) wall with EPS buffer; (b) initial stage; and (c) final excavation
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thickness ration t/h exceeded 0.13. However, the profile of the lateral stress acquired
from the model was still significantly reduced by using EPS buffers, and the percent of
reduction increased by increasing the EPS thickness, following the same trend mea-
sured using the physical prototype. Hence, the 3D model showed an acceptable
accuracy with the prototype results along the upper two-thirds of the wall and proved
that a significant reduction can take place by using EPS buffers behind diaphragm
walls.

5 Conclusions

In this study, EPS Geofoam buffers with various thicknesses were introduced behind
diaphragm walls to reduce the acting lateral earth pressure. Major findings are
presented below.

1. Using an EPS inclusion to act as a buffer between diaphragm walls and soil can
reduce the acting lateral earth pressure mainly due to soil arching mechanism.

2. Reduction in the lateral pressure can reach up to 37% by using EPS buffer with
thickness 130 mm (i.e., thickness to wall height ratio t/h = 0.13).

3. The numerical 3D model provided relatively conservative but acceptable results
compared with the physical prototype outcomes.

4. More research is needed to determine the method of statement for EPS buffer
installation during the construction of diaphragm walls.
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Abstract. Geogrid-reinforced earth walls are today’s state-of-the art for earth
retaining and stabilization systems. They have proven efficient and durable with
superior resistance to static, resilient and dynamic loads. Worldwide, many
codified design procedures and experience are available. Beside their technical
and economic advantages, they also have at least 30% lower carbon footprint
than conventional walls or stabilizing systems, e.g. concrete retaining walls,
coupled with a great advantage in terms of sustainability. Despite the formal
design requirements, the systems are capable of adopting specific local condi-
tions as terrain geometry, as well as aesthetic preferences, and are shown to be
of high cost benefit compared to other types of structures. In these aspects, the
type of the facing is of special interest as a major decision-making factor.
Accordingly, a recently executed project in Saudi Arabia is described in the
context mentioned above focusing on specific issues like geometry optimization,
facing type, adaptation and some rare specific solutions as well as specific
design requirement due to the significant wall height and value of adjacent
structures. The provided solution is appropriate for different climates, including
the harsh, humid and hot environment in the Middle East.

1 Introduction

The process of implementing a specific type of reinforced soil wall or stabilization
structures and the subsequent design are based on a number of factors, such as:

– Suitability and feasibility of the system and cost benefit,
– Safety and adequacy of the design,
– Serviceability and performance requirements or limitations, and
– Site requirements or limitations.

Alexiew (2012), Alexiew et al. (2013), and Guler et al. (2011, 2012) described the
benefits of GRS systems in terms of stability, flexibility and sustainability. Currently,
there are quite few well-acknowledged and used codes as well as methods and tools for
GRS wall design (computer programs or software). Limit Equilibrium Analyses are
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still widely and commonly used for the design process, especially where deformations
are either estimated to be small or can be predicted using other procedures or software.
Deformation predictions shall take into account the construction progress stages
(bottom up construction with progressive and cumulative deformation). Numerical,
Finite Element (FE) programs, such as Plaxis 2D, is usually used with proper material
models and stage configurations. For walls with simple geometries, simple calculations
spreadsheets with cumulative stage-wise calculations are also possible (Al Mohd
2010).

For some walls or systems, excessive deformations are predicted (due to foundation
formations, wall geometry etc.) or the walls are constructed in the vicinity of existing
structures or having utilities within the area of influence, imposing limitations on wall
deformations. As such, additional measures shall be made to either minimize defor-
mation or control deformations occurrence in a timely manner. Minimizing deforma-
tions is typically achieved by site preparations (within foundations or retained zones) in
addition to strict material specifications and compaction requirements and quality
assurance. A far more feasible and cost effective procedure is to control when defor-
mations can occur and minimize their effects on surroundings (other structures and
utilities) and the wall facing. The reinforcing geogrids and reinforced fill will undertake
majority of the deformation during construction (under geostatic loads) prior to
attaching or installing the final protective wall facing.

A case study is presented in this paper that involves a 24.4 m high wall constructed
in the hot and humid area of Riyadh, KSA, with a robust, durable and well-finished
“Muralex®” steel mesh facing.

2 Case Study

The wall described herein is constructed as part of a mega project in Riyadh, KSA. The
wall is nearly 670.0 m long with a maximum height of 22.4 m with additional 1.5 m
reinforced concrete wall and traffic surcharge on top (Fig. 1). He facing of the wall is
inclined at a slope of 1 horizontal to 10 vertical (1 H: 10 V). The fill used for the
construction of the wall (reinforced and retained fill) is rock fill. The wall is founded
partly on fill and partly on rock, raising concerns on differential movements (horizontal
movement and settlement). A number of alternative retaining wall systems were
considered. The Muralex® wall type was selected being the most feasible and efficient
system due to construction methodology and sequence which minimizes
post-construction differential settlements, flexibility, site adaptability, use of site
available material, and expedited construction time.
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2.1 Description of Muralex GRS Wall

In the Muralex® GRS wall system, the reinforced soil mass is initially constructed with
wrap around facing. Steel dowels are installed/embedded into the reinforced soil mass
between the geogrid layers for a sufficient length to provide necessary lateral bracing
resistance. The dowels will be connected to the final steel mesh at later stages. The
general scheme and concept of the Muralex® facing is shown in Fig. 2.

Fig. 1. Riyadh Muralex GRS wall configuration and facing concept

Fig. 2. General concept of Muralex GRS wall and facing
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The main advantages of the Muralex system are:

– Geogrids as key reinforcing elements are “hidden”, thus protected against UV
impact, fire, vandalism and high temperature impact in hot sunny climates;

– Facing can be installed at any point in time following construction e.g. even weeks
after completion of the geogrid reinforced package, thus wall deformations occur
before facing installation;

– The facing is a “hanging facade” without a bearing function for the GRS, elements
can be exchanged at any time, e.g. after a vehicle crash against the facing;

– Flexible and ductile behavior in general, which adapts to total and differential
settlements, and seismic loads and impact as well.

2.2 Considerations and Design

Due to project sensitivity, wall height and configuration, foundation soil conditions,
and sensitivity of adjacent buildings the wall design carefully considered both stability
and deformability criteria. Thus, design calculations were conducted using limit
equilibrium (LE) analyses considering allowable stress design (ASD) for overall sta-
bility, in addition to numerical simulation using finite element (FE) modeling for
performance and deformations evaluations.

2.2.1 Limit Equilibrium Analyses - ASD Design
The LE analyses were initially performed to verify the adequacy of the initially
assumed geogrid reinforcement configuration and layout (types, strength, lengths and
spacing) considering all design/analyses failure modes (global, internal, compound,
sliding, bearing capacity and eccentricity). A customized version of the computer
program GGU-international (Huesker stability), was used for design and stability
evaluations. This program is capable of analyzing complex geometries with up to 150
layers and types of geogrid reinforcements at variable strength and lengths. The soft-
ware takes into account both, the stresses and strength of single layers as well as
combined reinforcement effects, thus allowing for variable reinforcement lengths. The
software also calculates the foundation’s bearing capacity, eccentricity, overturning and
sliding stability. It utilizes the limit equilibrium analyses for internal stability, external
stability and the compound (internal and external) stability. The ASD was used for
different sections with different heights, foundation material (fill or bedrock) and
boundary conditions. Typical results of the LE analyses for internal and compound
stability are presented in Figs. 3 and 4.

2.2.2 Numerical Simulation
In addition to the LE analyses for safety and strength design, numerical modeling using
FE-analyses was performed to verify the safety and evaluate deformations of the
proposed retaining structure. FE analyses were performed using the computer program
Plaxis (v. 8.5) on selected sections that are considered critical either in terms of
stability/safety or where deformations are expected to be highest. The FE analyses
modeled the planned construction stages to represent the progressive loading nature
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and accommodate the actual construction steps, which were provided in the con-
struction method statement.

Plaxis includes a linear-elastic perfectly plastic material model for geogrids based on
the axial tensile stiffness of the geogrids in unit of kN/m. The steel mesh is modeled as a
plate for which the equivalent Young’s modulus (E), cross-sectional area (A) andmoment

Fig. 3. Typical results of limit equilibrium analyses for compound stability

Fig. 4. Typical results of limit equilibrium analyses for internal stability
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of inertia (I) are provided. Steel mesh properties were calculated based on the bar
diameter and horizontal spacing. The steel anchors (embedded dowels) are also modeled
as linear-elastic material. The Hardening Soil (HS) model was selected to simulate the
behavior of existing soil strata. The hardening soil model is a non-linear isotropic
hardening plasticity model capable of simulating the non-linear behavior of existing soils
and accounts for variation of stiffness with effective stress. This modeling approach is
capable of capturing behavior of complex walls (El-Sherbiny et al. 2013). The computer
program Plaxis evaluates the stability using the friction and cohesion (phi-c) reduction
method. Fifteen node triangular elements were used to generate a computer generated
randomized mesh with local refinements to optimize calculation time.

40 kPa20 kPa

Wrapped (Vertical) 
Reinforcement

Facing Anchors 
(dowels)

Steel 
Mesh

Crushed 
Stone

Engineered 
Fill

Bedrock

Bedrock

RockfillWater table

Rockfill

Engineered Fill 

RC wall
(Plate)

(Plate)
Steel Mesh

Main Reinforcement

Fig. 5. Plaxis model for Riyadh Metro project
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The geometric model and layer description are depicted in Fig. 4. Some of the FE
analyses results are also enclosed in Figs. 5, 6 and 7. Based on these results, the
maximum horizontal deformations were estimated to be in the range of 11.0 to
12.0 cm, and the factor of safety is 2.0 (Fig. 8). The maximum vertical displacement is
about 10.0 cm, which is mainly compression of the thick fill mass Fig. 7.

Max. Horizontal Def. = 2.5 cm Max. Horizontal Def. = 4.0 cm

Max. Horizontal Def. = 5.5cm Max. Horizontal Def. = 11.4 cm

Fig. 6. Maximum horizontal deformations at different stages estimated by Plaxis

Fig. 7. Vertical deformations contour
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The wall was completed by end of 2015. Survey measurements made during and
after completion of the wall revealed horizontal deformations of less than 5.0 cm
within the upper parts of the wall, which is less than predicted values. Photographs
taken at different stages of construction are depicted in Figs. 9, 10, 11, 12, 13, 14 and
15. In our opinion, they are more useful than any long textual description.

Fig. 8. Calculated factor of safety (Plaxis Model): FS = 2.00

Fig. 9. Installation of geogrid reinforcement layers
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Fig. 10. Installation of anchor dowels/bars on top of wrapped back portion prior to installing
subsequent reinforcement layer

Fig. 11. Wrap around wall, during construction prior to installation of Muralex facing;
anchoring bars visible

Fig. 12. Installation of Muralex steel mesh
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Fig. 13. Filling of stone between wrap around GRS and steel mesh to form Muralex facing

Fig. 14. Finished wall, projection-1
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3 Conclusions

A practical case study of an innovative, robust yet flexible, durable, and environmental
friendly earth retaining and stabilization system was presented. The wall is of signif-
icant height, constructed in high humidity, high temperature area using the Muralex®
system. The design process of the wall included numerical simulation for evaluating
the deformations and verifying stability and high safety. The measured surveys during
construction and after completion showed small deformations, which were lower than
calculated from numerical simulations. The wall featured an engineering monument
with well-finished surface, and accurate and straight face. This is mainly attributed to
the construction methodology of the innovative Muralex® system for which the final
facing is installed after wall deformations are mostly completed.
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Abstract. The soil is generally a heterogeneous material with very variable
characteristics. Soil’s main issues are reflected through low bearing capacity and
significant deformations (settlement) under loads. For Geotechnical experts,
such problems present a challenge in many Moroccan regions like Rabat
(Bouregreg Valley) and the northern regions. To overcome these defects, stone
columns are used as a soil improvement technique to reduce settlement and to
increase the foundations’ bearing capacity on soft clay soil. The benefits arise
from the fact that there is a partial replacement of the compressible soil by a
more competent material (compacted stone aggregates). Moreover the stone
columns are highly permeable and act as vertical drains facilitating the soft soil’s
consolidation and improving the foundation’s performance. Numerical model-
ing is a simple and effective method to approach the real behavior of soils
reinforced by stone columns. It allows settlement analysis, lateral deformation,
vertical and horizontal stresses in order to understand the behavior of columns
and soil. It also has the advantage of integrating the settlements of the under-
lying layers, especially those of least resistance. The aim of this paper is to study
the numerical simulation’s results. The properties of the soft soil correspond to
“Bouregreg valley”-soil. This paper is structured as follows: the first part pro-
vides the soil conditions and the parameters related to columns and the second
part presents 3D finite element analyses that study the stone columns’ perfor-
mance. These 3D analyses aim to clarify the most important parameters, the
influence of the constitutive models and the column geometry. The study also
shows the mechanisms of functioning and interactions of stone columns
vis-a-vis the various parameters characterizing the granular material “ballast”
and the surrounding soil.

1 Introduction

The ground in the “Bouregreg” valley is manifested by weak mechanical character-
istics; deformation under significant loads and low bearing capacity; which poses a real
challenge for the geotechnical to overcome these defects. Various soil-building tech-
niques have been developed and applied over the last years. Amongst the various
ground improvement techniques used, stone columns are the most popular. This is due
to their ease of construction, simplicity and economy.
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Stone columns are used as a ground improvement technique which is effective for
reducing settlements and for increasing the overall strength, stiffness and the time rate
of the soft soil consolidation, accordingly, an acceleration of the settlement. This
technique allows also improving the bearing capacity, the slope stability and reducing
the liquefaction potential.

They act mainly as inclusions with a higher stiffness, shear strength than the natural
soil. Moreover the stone columns are highly permeable and act as vertical drains.
Therefore, they facilitate the soft soil’s consolidation and improve the foundation’s
performance (Hughes and Withers 1974; Christoulas et al. 2000; Muir Wood et al.
2000; Guetif et al. 2007; Black et al. 2007).

The majority of analytical methods pertain to primary settlement only (Priebe 1995;
Pulko et al. 2011). Current works on modeling, testing, and analysis of compressible
soil reinforced with stone columns were reported by McCabe et al. 2009; Mokhtari and
Kalantari 2012; Najjar 2013; Balaam and Booker 1981; used the concept of unit cell to
study the capacity of single stone column.

Sexton et al. 2013; demonstrate that some recent analytical methods (Castro and
Sagaseta 2009; Pulko et al. 2011) are successful. These analytical methods can be
implemented mathematically using a unit cell model. However, unit cell models cannot
capture the behavior of peripheral group columns beneath footings.

The numerical modeling of a group of stone columns has predominantly been the
focus of several studies: Shahu and Reddy 2011; Wehr 1999; Muir Wood et al. 2000;
Klai et al. 2015; investigated the performance of groups of stone columns using
finite-element analysis.

Killeen 2014; studied small groups of stone columns using 3D finite element
analyses. They studied the influence of geometric and material properties. However,
there is still lack of information regarding the influence of some geometric and material
parameters.

This paper aims to study the numerical simulation results, also, the investigation of
the treatment of compressible soil by stone columns technique. The properties of the
compressible soil correspond to “Bouregreg valley”-soil. The modeling was done using
the 3D finite element method.

To clarify the most important parameters and the influence of the number of col-
umns and their position, 3D numerical analyses were carried out, the study presents the
finite element (numerical) models, the parametric study and their results.

We have performed a series of three-dimensional modeling of stone columns with
isolated column in the center and then to column groups, using the PLAXIS 3DF
software.

2 Site Characterization

A campaign for recognition was implemented at the site of the “Bouregreg valley”.
Core drilling, with removal intact and reshaped samples (Fig. 1) allowed making
laboratory tests (identification and characterization of soils), and establishing a detailed
section of land. Pressuremeter tests were realized to determine soil pressuremeter
characteristics.
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The soil at “Bouregreg valley” consists of silty clay about 2 m thick, which is
underlain by about 8.5 m of soft clay; between 6.5 and 10.5 m, the clay layer has some
occasional thin sandy layers. Below a depth of 10.5 m the soil gets stiffer (consistent
sand) (Table 1).

In the simulations the columns were assumed to reach this rigid soil at 10.5 m
depth. The ground water level is at the surface (cw = 10 kN/m3). We are interested in
the layers of low geotechnical properties, whose characteristics are determined in
Table 1.

We used the following formulas for the calculation of Young’s modulus:

E ¼ Eoed
1� 2mð Þ 1þ mð Þ

1� m
ð1Þ

With
m: Poisson’s ratio
Eoed: Œdometric modulus calculated based on the pressuremeter modulus by the

relationship:

Eoed ¼ EM

a
ð2Þ

Fig. 1. Soil reinforcement of the Bouregreg Valley and removal of samples for laboratory tests

Table 1. Characteristics of the “Bouregreg valley” soil

Soil layers Depth (m) c enkN/m3 E (kPa) U (°) c (kPa)

Silty clay 2 18 2295 15 25
Clay 6.5 18 2585 15 25
Clay with sandy layers 10.5 19 18334 23 0.5
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In which a is a rheological coefficient that depends on the type of soil and the limit
pressure.

Stone columns: 10.5 m deep with an average diameter of 0.8 m and a spacing of
1.5 m.

3 Reference Cases

In the first case (Fig. 2); the reference consists of only one stone column under the
center of a square rigid footing. The footing width, B, is 1.5 m (B = s) and the column
diameter is equal to 0.8 m (dc = 0.8 m). The column is considered to reach a rigid
substratum at 10.5 m depth. So, the column is end-bearing (L/H = 1) and has length of
L = 10.5 m.

The column is modeled in the center of a large soil mass (36 m � 36 m � 10.5 m)
(Fig. 2) to avoid the edge effect, the footing of 0.5 m thickness, is considered as a
material with properties of concrete: c = 24 kN/m3, E = 3.107 kPa and m = 0.15.

In the second case, we consider a group of columns beneath a rigid square footing
(width: B = 4 m). The thickness of the soil layer is taken equal to the length of
columns; H = L = 10.5 m (end-bearing columns).

In accordance with standard practice for numerical modeling of stone columns,
column-soil interface elements are not used (Shahu and Reddy 2011).

A uniform vertical pressure of P = 100 kPa is applied on the rigid square footing.

Rigid 
footing

Stone 
column

Large 
soil 
mass

Loading

Fig. 2. Numerical model (Plaxis 3DF) of an isolated stone column.
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4 Layers Effects

The soil profile adopted for the “Bouregreg valley” test site is modified to investigate
the effect of the compressible clay and the other layers (Fig. 3). The settlement’s
performance for various column arrangements is investigated for the various profiles
shown in Fig. 3.

The settlement’s performance of these profiles is evaluated for an applied pressure
varying between 100 kPa and 300 kPa.

Profile 1 Profile 2 Profile 3

Silty Clay

Clay

Clay with    
Sand layers

Silty Clay

Clay

Clay

Fig. 3. Various profiles adopted to investigate layers effect
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Due to soil heterogeneity of the “Bouregreg valley”, various profiles were con-
sidered. This allows us to study the effect of soil layers.

The graphs (Fig. 4) illustrate for different values of loading, the settlement of three
adopted profiles shown in Fig. 3.

The graphs (Fig. 4) show that:

• The settlement of profiles 1 and 2 is higher than profile 3; this is due to the presence
of the silty clay layer which is a compressible soil.

• Profile 1 and profile 2 have almost the same graph for a loading less than 250 kPa.
• For small loads settlement is almost the same for all the three profiles, so for reasons

of simplification, it may adopt the profiles 2 and profile 3 for small loads.

5 Meshing and Boundaries

Plaxis 3DF generate the finite element mesh using a triangulation procedure, but global
and local mesh refinements may be defined to ensure a good quality of the mesh, in this
way a 3D mesh, composed of 15-noded wedge isoparametric elements is formed,
refining the mesh in the area of interest (footing and column) and using a coarse mesh
in the far field.

General Information :

• Model 
Plaxis 3DF

• Elements
15-Noded

• Boundary = 12 B

Fig. 5. Typical mesh adopted for finite element simulation, with locally refined mesh in the area
of interest (footing and column) (profile 3).
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Figure 5 show for the profile 3 the typical mesh adopted for finite element simu-
lation, with locally refined mesh in the area of interest (footing and column).

Adopting profile 3, for an applied pressure equal to 100 kPa: Fig. 6 show the
generation of deformed mesh before and after loading.

The lateral boundaries allow vertical movement but restrict radial movement;
therefore, it is necessary to position them at a sufficient distance from the footing so that
boundaries conditions do not influence the results Killeen (2012). Along the bottom of
the soil mass both radial deformation and settlement are restricted (Full fixity is
assigned at the base of the geometry).

After loading

Rigid square footing 
+column

Fig. 6. Deformed mesh before and after loading (Profile 3/P = 100 kPa)
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6 Column–Soil Interface

In keeping with standard practice for modeling stone columns, many authors have
declined to use interface elements at the boundary between the granular column
material and the in situ soil (Kirsch 2006; Ambily and Gandhi 2007; Domingues et al.
2007; Gäb et al. 2008; Shahu and Reddy 2011), consistent with field observations that
during column installation, and due to the column compaction process, the stone
columns become tightly interlocked with the surrounding soil due to the lateral dis-
placement (McCabe et al. 2009); No discrete interface zone exists as might be expected
for a pile. Perfect adhesion is assumed at the column–soil interface. This assumption of
full contact at the column- soil interface is adopted in this study.

7 Constitutive Models

The use of the finite element analysis has become widespread in geotechnical practice
an efficient mean of optimizing engineering tasks; however the quality of any pre-
diction depends on the adequate model being adopted in the study.

The choice of a constitutive model depends on many factors but, in general, it is
related to the type of analysis that the user intends to perform.

Three sets of calculations were made using different material models on soils: the
linear-elastic model, the Mohr-Coulomb model and the Hardening Soil model.

7.1 Mohr Coulomb Model

The Mohr coulomb model idealizes soil as an elastic perfectly plastic material. The
behavior of soil before failure is approximated by Hooke’s law of elasticity; the failure
of soil is based upon the Mohr-coulomb criterion which is defined by two parameters,
angle of internal friction and cohesion.

7.2 Hardening Soil Model

The Hardening soil model is an advanced elasto-plastic constitutive model which can
be used to simulate the behavior of both the granular column material and the treated
soft clay soil; it’s an extension of the hyperbolic model developed by Duncan and
Chang (1970). The model supersedes the hyperbolic model as it’s based on the theory
of plasticity rather than elasticity, includes soil dilatancy and introduces a yield cap. It
accounts for both shear and volumetric hardening, thus capturing irreversible strains
caused by deviatoric and compression loadings, respectively (Schanz et al. 1999).
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The hardening soil model was considered appropriate for the granular column
material (Sexton et al. 2013). The value of friction angle / = 45° has been selected
while the dilatancy angle was calculated as W = / − 30° (Bolton 1986). A very small
value of the cohesion (c = 0.1 kPa) is used to avoid numerical instabilities. A value of
m = 0.3 has been used as the power for stress-level dependency of the stiffness. The
oedometric modulus Eoed

ref ¼ 23:3MPa was assumed equal to the secant modulus
E50

ref for a reference pressure of pref = 100 kPa, and the unload-reload modulus Eur
ref

was taken as 3E50
ref ¼ 70MPa proposed by Brinkgreve and Broere (2006). A pois-

son’s ratio of mur = 0.2.
For the soft soil: the power is taken equal to m = 1 as recommended by Brinkgreve

et al., the reference pressures in the soil and column materials are identical.

8 Comparison of Finite Element Analysis (Plaxis 3DF)
with Analytical Methods

The settlement performance of an isolated stone column from Plaxis 3DF is compared
with various analytical design methods in this section. The analytical design methods
chosen for comparison are:

• Schulze, Baumann and Bauer method.
• Priebe method with assumptions of Ghionna and Jamiolkowski.
• Priebe method.
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Fig. 7. Comparison of finite element and analytical methods for different area ratio
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All of these design methods are based on the unit cell concept, which is consistent
with the boundary conditions adopted for the numerical analysis. Analytical methods
are based on more simplified models, so we adopt “profile 3” and the case of an
isolated column with Mohr coulomb and the linear elastic constitutive models.

The settlement improvement factor b is defined as the ratio:

b ¼ The settlement of an untreated soil no stone columnsð Þ
The settlement of atreated soil with stone columnsð Þ ð3Þ

That factor corresponds to the application of a 100 kPa uniform pressure.
The area ratio is defined as the ratio of the footing area (A) to the area of the column

beneath the footing (square grid):

A
Ac

¼ B2

pR2
c

¼ s2

pR2
c

ð4Þ

With

B: rigid footing width
s: column spacing
Rc: the radius of the column

To compare with analytical methods, the area ratio is varied from 2 to 18 while the
width of the rigid footing B (B = s) is varied from 1 m to 3 m. Using both linear elastic
and Mohr coulomb rules for stone columns; we obtain variations in the settlement
improvement factor, as shown in the graphs (Fig. 7).

The graphs (Fig. 7) illustrate for different values of area ratio the settlement
improvement factor, b estimated by different analytical methods:

– Schulze, Baumann and Bauer method
– Priebe method with assumptions of Ghionna and Jamiolkowski
– Priebe method
– 3D finite element.

The examination of the graphs (Fig. 7) shows that:

• The analytical methods tend to over predict the settlement improvement offered by
column treatment, especially for small values of area ratio.

• The 3D results using Plaxis 3DF leads to settlement improvement factor values
between 1.48 < b < 2.25 for linear elastic column rule, and 1.25 < b < 1.50 for the
Mohr coulomb rule.

• The Priebe method and the Priebe method with assumptions of Ghionna and
Jamiolkowski gives values close to those obtained by the numerical 3D simulation
for 8 < A/Ac < 18, so these analytical solutions agrees very well with the numerical
simulations.
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• Schulze, Baumann and Bauer method over predict the settlement improvement
factor (Fig. 7), so we can join the fact that the method of Baumann and Bauer
(1974) has a weaker theoretical basis than Priebe (1995) and is believed to give
poorer settlement predictions for clayey soils (Slocombe 2001).

9 Parametric Studies (Case of an Isolated Column)

This section analyzes the settlement performance of an isolated column (first reference
case), which is determined by the settlement improvement factor, b.

The parametric studies were carried out varying several properties:

(i) Layers and the area ratio
(ii) Friction angle of column material
(iii) Constitutive models

9.1 Layers and the Area Ratio

This parametric study aims to show the effects of different layers of the soil in the site
of “Bouregreg Valley” after treatment by stone columns method. Considering an
isolated column (first reference case) and the three adopted profiles: For the stone
columns material properties; we adopt the Mohr coulomb constitutive model and an
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angle of internal friction about 45°. So the settlement improvement factor for an applied
pressure of Papp = 100 kPa is determined in Fig. 8.

The “Fig. 8” describes the variation of the settlement improvement factor for the
three profiles according to the area ratio.

The examination of the graphs (Fig. 8) leads to observe:

• The settlement improvement factor decreases with the increase of the area ratio for
all the three profiles.

• For profile 1: the value of b varies from 1.32 to 1.59, for profile 2: the value of b
varies from 1.30 to 1.58, and for profile 3: the value of b varies from 1.29 to 1.50.

• Profile 1 and profile 2 have almost the same graph for 2 < A/Ac < 18.
• So for this case and for the sake of simplicity, it may adopt the profile 2 (for this

section).

9.2 Friction Angle of Column Material

To examine the influence of the internal friction angle of column material and the area
ratio for an isolated column, we adopt profile 2 and the Mohr coulomb constitutive
model for the column material.

The graphs (Fig. 9) illustrate for different values of A/Ac, the settlement
improvement factor, b for different values of U (35°/40°/45°):

• We observe that the increasing in the internal friction angle of the ballast increases
the settlement reduction.
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• For A/Ac = 2 (low value of area ratio); b varies from 1.30 (U = 35°) to 1.58
(U = 45°), whereas for A/Ac = 18 (high value of area ratio); b varies from 1.20
(U = 35°) to 1.30 (U = 45°).

• The settlement increases when A/Ac increases for all values of the internal friction
angle of the ballast.

• The graphs approach for high values of A/Ac, so the increasing of ballast friction
angle has negligible effects for high values of area ratio.

9.3 Constitutive Models of Column Material

To examine the influence of the constitutive models of column material and the area
ratio for an isolated column, we adopt profile 2, the Mohr coulomb model for the soil
and / = 45° for the column (MC and HS).

The graphs (Fig. 10) illustrate for different values of A/Ac, the settlement
improvement factor, b for the behavior rules of column material (Mohr coulomb,
Hardening soil and linear elastic models):

• The settlement improvement factor decreases with increasing A/Ac.
• While varying A/Ac from 2 to 18; b varies from 2.46 to 1.46 (for linear elastic

model), from 1.46 to 1.28 (for Hardening soil model) and from 1.58 to 1.30 (for
Mohr coulomb model).

• The two constitutive models for column material (Mohr coulomb and Hardening
soil) reach approximately the same graph.

• The elastic solutions overestimate the settlement reduction, especially that realistic
values are used.
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10 Parametric Studies (Case of a Group of Columns)

The main focus of this section is to analyze the behavior of stone columns groups in
soft soils. A series of finite element analyses using Plaxis 3DF were conducted to
examine the influence of several parameters upon the settlement performance.

Using the second reference case (a group of four stone columns), parametric studies
were carried out varying several properties:

(a) Column length: L/B, L/dc, L/H (L: the length of the columns, H: soil layer
thickness, B: square rigid footing width, dc: column diameter).

(b) Column position (column spacing: s = 1 m/2 m/3 m).
(c) Column compressibility and strength: The friction angle of the column from 35°

to 50°.
(d) Constitutive models (linear-elastic, Mohr coulomb and hardening soil behavior

rules).
(e) Modular ratio Ec/Es = 15/30/45.
(f) Column confinement.

For a finite group of columns, the area ratio is defined as the ratio of the footing
area (A) to the area of the column beneath the footing:

A
Ac

¼ B2

NpR2
c

ð5Þ
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With N: number of columns
For the sake of simplicity, we adopt the Profile 3.

10.1 Column Length

Various column lengths were considered which allows studying the effect of L/B, L/H
and L/dc, for a group of four columns (Figs. 11, 12 and Table 2):

• For the column numerical simulations, it appears that column spacing (s) and
therefore A/Ac governs the variation of settlement improvement factor with column
length.

• A hardly noticeable increase in settlement improvement factors is observed from a
certain value of (L/B, L/dc) (Fig. 11 and Table 2), that joined the notion of the
critical length; as a result, when floating columns reach the critical length, their
behavior is similar to end-bearing columns. This value is suggested as 4 to 6 times
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Table 2. Settlement (mm) for different L/dc and columns position

L/dc 2.27 4.55 6.82 9.09 11.93

N = 4, s = 1 m 93.12 87.74 84.72 83.03 81.85
N = 4, s = 2 m 101.32 98.59 96.22 94.93 93.74
N = 4, s = 3 m 106.06 104.18 101.09 99.52 98.55
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the pile diameter (Hughes and Withers 1974; McKelvey et al. 2004; Black et al.
2007; Najjar et al. 2010).

• It appears that L/B = 1.5 is a significant depth, beyond this level the settlement
improvement factor increases very slowly. So L/B = 1.5 is the critical length for the
settlement reduction, as proposed by Wehr (2004), it’s an acceptable approximation
for this case (Fig. 11).

• For floating columns, the column spacing is more relevant than for end bearing
columns because the soil layer beneath columns is not improved, so it’s able to
deform due to the penetration of the columns into the underlying soil (Fig. 12).

Table 3. Settlement (mm) for different friction angle of column material and columns position

/ 35 40 45 50
W 5 10 15 20

s = 1 m 94.47 88.18 81.85 75.51
s = 2 m 104.7 98.9 93.74 87.84
s = 3 m 105.73 102.24 98.55 95.22
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10.2 Column Position/Column Compressibility and Strength

This section show the influence of columns spacing, a group of four stone columns is
used, Keeping constant A/Ac = 6.57 (η = 15%), so Rc = 0.44 m. The load (Papp =
100 kPa) is applied on the square rigid footing (B = 4 m) and the spacing between the
columns is varied: s = 1 m/2 m/3 m.

10.2.1 Friction Angle of Column Material
To examine the effect of the internal friction angle of column material and the columns
position for a group of four columns, we adopt profile 3 and the Mohr coulomb
constitutive model for both soil and the column material (Table 3 and Fig. 13).

The Table 3 and the graphs (Fig. 13) illustrate for different values of column spacing,
the settlement improvement factor, b for different values of U (35°/40°/45°/50°):

• We observe that the increasing in the internal friction angle of the ballast increases
the settlement reduction: for a columns spacing equal to 2 m; the settlement

Table 4. Settlement (mm) for different constitutive models and column position

Linear elastic Mohr coulomb Hardening soil

s = 1 m 60.71 81.85 239.98
s = 2 m 69.1 93.74 264.53
s = 3 m 85.24 98.55 296.5
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improvement factor (b) varies from 1.10 to 1.31, while varying the internal friction
angle U from 35° to 50°.

• The settlement increases when the columns are widely spaced for all values of the
internal friction angle of the ballast.

• The graphs approach for high column spacing, so the increasing of ballast friction
angle has negligible effects for high values of columns spacing.

10.3 Constitutive Models

To determine the influence of constitutive model of both soil and stone column, we
consider series of numerical simulations of a group of four columns (profile 3).
Adopting Mohr coulomb, linear elastic and hardening soil models (Table 4 and
Fig. 14).

The Table 4 and the graphs (Fig. 14) illustrate for different values of column
spacing, the settlement improvement factor, b for the behavior rules (Mohr coulomb,
linear elastic models and hardening soil).

• The linear elastic model leads to values of b between 1.27 and 1.79 whereas b
giving by the Mohr coulomb is between 1.17 and 1.41.

• Numerical analyses adopting the hardening soil model (for both soil and column)
give a higher value of the settlement reduction factor than the simulations adopting
the elasto-plastic and the linear elastic models, because of the hardening behavior.
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• The settlement improvement factor decreases when the columns are more widely
spaced for the three behavior rules, furthermore the both graphs (LE and MC) reach
approximately the same value for high columns spacing values.

• For the Mohr Coulomb constitutive law, the settlement improvement factor still
very close to the same value between s = 2 and s = 3.

Fig. 16. Column configurations to examine the influence of column confinement
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10.4 Modular Ratio and Column Position

To determine the effect of modular ratio, various simulations are considered with
Ec/Es = 15/30/45, with profile 3 and Mohr coulomb adopted rule (Fig. 15).

The graphs (Fig. 15) illustrate for different values of columns spacing, the settle-
ment improvement factor, b for different values of Ec/Es = 15/30/45.

The results indicate that improvement factors predicted using Plaxis 3DF method
increase as the modular ratio increases.

The graphs approach for s = 1 m/2 m/3 m, so the influence of the modular ratio is
negligible. Only elastic design methods over predict b values for high modular ratio
(Sexton et al. 2013).

10.5 Column Confinement

The confinement depends on A/Ac and the number of columns within a group. The
influence of this confinement was determined by analyzing different configurations
(Fig. 16)

The number of columns has less influence on the settlement reduction for small
values of applied pressure, whereas for high loading the settlement decreases when the
number of columns increases (Fig. 17).

11 Conclusions

The stone column behavior was studied using different approaches: Numerical mod-
eling, analytical methods, parametric study concerning the case of an isolated column
in the center and then the case of column groups. The comparison of these different
methods helps to understand the mechanisms of functioning and interactions of stone
columns vis-a-vis the various parameters characterizing the granular material “ballast”
and the surrounding soil. The settlement performance of various configurations of
columns beneath rigid square footing is examined in this study using the PLAXIS 3DF
software.

This detailed analysis of numerical modeling allows The Comparison with ana-
lytical methods in the case of an isolated column, which gives early confidence in the
ability of Plaxis 3D foundation to capture stone column behavior. Generally the ana-
lytical methods tend to over predict the settlement improvement offered by column
treatment, especially for small values of area ratio, in this case: Schulze, Baumann and
Bauer method over predict the settlement improvement, whereas the Priebe method and
the Priebe method with assumptions of Ghionna and Jamiolkowski gives values close
to those obtained by the numerical 3D simulation for 8 < A/Ac < 18.

The parametric studies concerning an isolated column were carried out varying
several properties: layers, the area ratio, friction angle of column material and the
constitutive models; due to the heterogeneity of the soft soil we have adopted three
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profiles; which allows to determine that the presence of the silty clay layer increase
settlements. Properties of column material (internal friction angle, constitutive models)
influence the settlement improvement, especially for low values of A/Ac.

For a group of columns, the parametric study were carried out varying several
properties: Layers effects, Column position, column confinement and material prop-
erties: The friction angle, the modular ratio Ec/Es, the column and the soil behavior rule
(linear-elastic, Mohr coulomb and hardening soil models) and the geometric factors:
L/B, L/dc, L/H.

Increasing the column material properties (stiffness, friction angle) increases the
settlement reduction factor, the influence of these parameters is related to the column
arrangement (column position), and to the constitutive models of both columns and
soils. Moreover, the column length and the column confinement influence the settle-
ment performance of columns group. A negligible increase in settlement improvement
factors is observed from a certain value of L/dc and L/H, and when floating columns
reaches the critical length, their behavior is similar to end-bearing columns. This value
is suggested by literature as 4 to 6 times the pile diameter. Also, it appears that column
spacing (s) and therefore A/Ac governs the variation of settlement improvement factor
with column length, furthermore L/B = 1.5 is considered as a significant depth as
proposed by Wehr (2004), beyond this level the settlement improvement factor
increases so negligently.

The effect of column confinement is also evident as a larger group of stone columns
yields smaller settlements.
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Abstract. Self-compacting filling material or controlled low strength materials
“CLSM” is a cementitious material which is liquid during filling and is used
primarily as backfill e.g. in trenches. Selection of materials should be based on
availability, cost, specific application and the necessary characteristics of the
mixture, including flowability, strength and excavatability. The main objective
of this study is to investigate numerically the behavior of pipelines embedded in
self-compaction materials “CLSM” under traffic loading. A two-dimensional
numerical model using the finite element system ABAQUS was developed. In
this model the material behavior of CLSM is described using an elasto-plastic
constitutive model with Mohr-Coulomb failure criterion. The numerical model
allows the calculation of bending moment in the pipelines taking the effect of
hardening process of “CLSM” on the overall behavior of the pipe-soil-system
into account. A subroutine was implemented in ABAQUS in order to quantify
the effect of shrinkage of the self-compacting material (CLSM) on the stresses
imposed on the pipeline. Finally hints and recommendations regarding the usage
of these materials will be given.

1 Introduction

Controlled low-strength material (CLSM) is a self-compacting cementitious material
used primarily as a backfill as an alternative to compacted fill. CLSM should not be
considered as a type of low-strength concrete, but rather a self-compacting material
with features similar to soils. Because CLSM needs no compaction and can be designed
to be liquid during filling, it is ideal for use in narrow trenches or restricted-access areas
where placing and compacting usual fill is difficult. Conventional CLSM mixtures
usually consist of water, cement, fly ash or other similar products and fine or coarse
aggregates or both. The investigation presented in this paper deals mainly with the
behavior of rigid and flexible pipes embedded in CLSM, taking the effect of hardening
and shrinkage of CLSM into account.
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2 Overview of Previous Investigations

Although several studies were conducted on the analysis of buried pipes using soil-pipe
interaction theories (e.g. McGrath 1998; Suleiman et al. 2002) a limited number of
investigations have explored the performance of pipes buried in controlled low-
strength material (CLSM) by numerical simulation (Arsic 2009; Bellaver 2013;
Dezfooli et al. 2015).

McGrath (1998) conducted a study on the pipe-soil interaction during backfilling.
Diverse backfilling materials were used at varying compaction levels. Several soil box
tests and field tests were conducted on steel, concrete, and plastic pipes to compare the
results for the different backfilling materials, trench conditions, trench widths, and
bedding materials. Suleiman et al. (2002) investigated the effects of large deflection
behavior on buried plastic pipes. This study compared the small deflection analysis
theory results by using Culvert Analysis and Design (CANDE) software with the large
deflection analysis theory.

Different CLSM materials were investigated experimentally and numerically by
Arsic (2009). He investigated standard filling materials and CLSM materials in full
scale experimental model. Then a numerical model using ABAQUS was developed to
predict the behavior of pipelines embedded in CLSM for different trench dimensions.
Based on his results the pipeline regulations were adopted and modified for CLSM.
Bellaver (2013) developed a three dimensional (3D) nonlinear finite element model of
steel pipe coupled with CLSM and compacted soil. The finite element model consists
of the pipe and soil interaction during the staged construction of embedment and
backfill. The numerical model can be used to predict pipe performance under varying
backfill and loading conditions.

Staged construction modeling of steel pipes buried in CLSM was investigated by
Dezfooli et al. (2015). The results of field tests were compared with 3D nonlinear
numerical model. The comparison of the results indicates that the finite-element model
is capable of predicting the deflection of the buried steel pipes in different backfilling
and trench configurations. Summarizing, only a limited number of investigations exists.
In none of these studies, the effect of hardening process and shrinkage of
self-compacting materials in the numerical modeling was considered.

3 Properties of Self-compacting Materials

The properties of CLSM cross the boundaries between soils and concrete. CLSM is
manufactured from materials similar to those used to produce concrete, and is placed
from equipment in a fashion similar to that of concrete. In-service CLSM, however,
exhibits characteristic properties of soils. The properties of CLSM are affected by the
constituents of the mixture and the proportions of the ingredients in the mixture. In the
following the main features will be explained briefly.
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3.1 Hardening Process

One of the most important aspects for CLSM is the hardening process which describes
the increase of material stiffness with time. Figure 1 shows the development of
Young‘s modulus (E-modulus) of typical CLSM with time. The E-modulus increases
gradually from almost 0.50 MPa up to 120 MPa. Simultaneously the Poisson’s ratio (m)
decreases from 0.48 (CLSM behaves like a liquid) to 0.20, which corresponds to the
solid state like concrete or soil. These material parameters will be adopted for the
numerical modeling.

3.2 Shear Strength

Since engineering applications of CLSM as a substitute to conventional compacted fill
is growing, it is getting more important to measure CLSM properties in terms of
geotechnical engineering parameters by either direct measurement or by developing
correlations between geotechnical and concrete test results. The shear properties of
CLSM are especially important and can be evaluated using both a direct shear test and
a triaxial shear test. The CLSM considered here showed after 28 days an internal
friction angle ranging from 30° to 40° and the cohesion ranges from 60.0 kN/m2 up to
90.0 kN/m2 (Arsic 2009).

3.3 Shrinkage Process

Compared to concrete, CLSM typically has a very high water-cement ratio and water
content, factors that may cause drying shrinkage. Based on experimental investigations
(Buhr 2015), the shrinkage of CLSM was about 0.1% till 0.3%. Hardened CLSM may
exhibit shrinkage cracks. However, they do not affect the structural integrity of the
material for most applications and were not considered in the numerical modeling.

Fig. 1. Dependency of E-Modulus and Poisson’s ratio (m) on time (Arsic 2009)
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4 Finite Element Modeling

For the investigation of the behavior of pipelines embedded in self-compacting
materials, a two-dimensional (2D) numerical model was developed. For the numerical
analysis the finite element program ABAQUS (Simulia 2015) has been used.

4.1 Numerical Model

To investigate the deformation response of a pipe with a diameter of 0.30 m embedded
in self-compacting material a two-dimensional (plane strain) finite element model was
developed. The dimensions of the numerical model used in the analysis are shown in
Fig. 2. The elements used to model the soil and CLSM are 6-noded and 8-noded plane
strain (CPE6 & CPE8) elements, while beam elements (B22) have been used to sim-
ulate the pipelines. In this study, the embedment depth (h) was set 1.0 m and the trench
width (b) was 0.90 m. The overall dimension of the numerical model was set to
9.30 m * 3.20 m. With these model dimensions the calculated behaviour of the pipe is
not influenced by the boundary conditions.

4.2 Elasto-plastic Constitutive Model

The most important issue in geotechnical numerical modeling is the simulation of the
soil’s stress-strain behavior. An elasto-plastic material law with Mohr-Coulomb failure
criterion and non-associative flow rule was used to describe the behavior of
self-compacting material (CLSM) and also the surrounding sandy soil. For the planned
investigation, Mohr-Coulomb constitutive model is sufficient as one of the important
aspects in this investigation is the hardening process of self-compacting material and
also the modelling procedure is monotonic without any unloading or reloading stages.

According to the pipeline regulations, the pipe trench should be divided into four
parts (see Fig. 3), for each part different soil properties should be applied. For the parts
E3 & E4, sandy soil is assumed. Table 1 summarizes the different parameters required
for these two parts (E3 & E4). For the other parts inside the trench (E1 & E2),
self-compacting material (CLSM) will be used.

Fig. 2. Dimensions of the numerical model
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Regarding controlled low strength material (CLSM) for E1 & E2, the time
dependency for both E-modulus and Poisson’s ratio will be implemented as shown in
Fig. 1, by tabulating this dependency of the elastic parameters as step-dependent which
allows the consideration of hardening process on the behavior of CLSM in the
numerical model. The other material parameters required for Mohr-Coulomb material
model (internal friction angle u0, dilatation angle w and cohesion c0) remain unchanged
with the hardening process as listed in Table 2.

For comparison reasons, two different pipe materials will be modeled. The first one
is a rigid pipe made of concrete and the second one is a flexible PVC pipe. Table 3
summarizes the main material properties adopted for the numerical modeling.

Fig. 3. Pipeline and the different trench parts (E1, E2, E3 and E4)

Table 1. Material properties for the sandy material outside the trench

Zone c (kN/m3) E (MPa) m (-) c′ (kN/m2) u0 (°) w (°)

E3 18.0 50.0 0.25 1.0 35.0 5.0
E4 18.0 80.0 0.25 1.0 35.0 5.0

Table 2. Material properties for self-compacting material (CLSM)

Unit weight c 18.0 (kN/m3)
Internal friction angle u0 35.0°
Dilatation angle w 5.0°
Cohesion c0 82.0 (kN/m2)

Table 3. Material properties for different pipeline materials

Material c (kN/m3) E (MPa) G (MPa) m (-) D (m) Thickness (m)

Concrete 24.0 31000 12900 0.20 0.3 0.04
PVC-U 14.0 2250 833 0.35 0.3 0.01
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4.3 Contact Conditions

To describe the behavior of the embedded pipes accurately two different contact pairs
are adopted in the numerical model. The slave-master concept was used, which means
that the master nodes can penetrate in the slave and vice-versa is not allowed. The first
one (CP1) describes the contact behavior between the pipe and the surrounding soil.
The second contact pair (CP2) is implemented to simulate the vertical sliding between
the excavation part (trench) and the surrounding soil on both sides of the trench (see
Fig. 4). For both of the contact pairs an elasto-plastic model was implemented. The
maximum frictional shear stress is dependent on the normal stress and the friction
coefficient, which is assumed to l = 0.431 (l = tan (2/3u)) in case of the first contact
pair (CP1) and l = 0.70 (l = tan (u)) for the second contact pair (CP2).

4.4 Numerical Modeling Procedure

The modelling process is executed stepwise. Firstly, the primary stress state using own
weight of the lower soil medium located beneath the pipeline (E4) is generated. In the
subsequent steps different soil layers are activated to simulate the construction steps as
shown in Fig. 4. In the next step, both sides of the trench (E3) will be activated with the
corresponding boundary conditions on the vertical sides. Consequently, the pipeline
embedded in the middle part (E2) and the contact pairs (CP1 & CP2) will be added.
Finally, the upper part (E1) in the trench and the vertical surcharge (p = 30 kN/m2) are
applied on the top surface of the model. During the modelling steps, the hardening
process which describes the dependency of Elastic modulus and Poisson’s ratio (see
Fig. 1) is taken into consideration by changing the material properties set for each
construction step. Finally, the shrinkage of CLSM was applied by decreasing the
dimensions of the CLSM-elements by 0.1% in both horizontal and vertical directions to
find out the effect of possible shrinkage on the overall behavior of pipelines.

Fig. 4. Numerical modelling steps
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5 Numerical Modeling Results

The numerical modeling deals mainly with the behavior of rigid and flexible pipes
embedded in self-compacting material “CLSM” taking the effect of hardening/shrinkage
process into consideration. The vertical stress, horizontal stress and bending moments in
the pipelines will be presented and evaluated.

5.1 Concrete (Rigid) Pipe

Figures 5 and 6 show the distribution of contact stress (normal and shear stress) between
the pipe and the surrounding soil “CLSM” projected vertically to give the vertical stress
component and horizontally to give the horizontal stress component acting on the pipe.

The vertical stress distribution (see Fig. 5) has its maximum value on the vertical
(symmetry axis) of the pipe and the minimum value at the end of pipe (x = radius of
the pipe = 0.15 m). In the first two weeks, there is a redistribution of the vertical stress
and it decreases slightly with the hardening process due the change in the material
properties. By applying the traffic load of 30.0 kN/m2, the vertical stress reaches a
maximum value of 61.0 kN/m2 before applying the shrinkage rate of 0.1% and reaches
after the shrinkage 102.5 kN/m2. These results show that the shrinkage leads to an
increase of almost of 65%. This can be explained due to the movement of soil towards
the pipe, which consequently induces an increase in the vertical stress on the pipe.

Figure 6 shows the horizontal stress component projected along the diameter of the
pipeline (D = 0.30 m). At the crown and the bottom of the pipe, the horizontal stress
component is equal to zero. Then the horizontal stress increases gradually to reach its
maximum value at almost an angle of 45.0° measured from the vertical axis. As before,
in the first two weeks there is redistribution of the horizontal stress acting on the pipe.
Then by applying the traffic loading, the horizontal stress reaches 21.0 kN/m2 before
applying the shrinkage and then 54.0 kN/m2 after the shrinkage (0.1%) was modelled.

Fig. 5. Vertical stress around rigid pipeline embedded in CLSM
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Figure 7 shows the distribution of bending moment around the pipeline. The x-axis
shows the angle measure from the crown (zero at the pipe top, 90° at horizontal
pipeline axis and 180° at the bottom of the pipeline). In the first days up to 14 days, the
bending moment is comparably small (ca. 0.05 kNm/m) and it decreases accordingly
with the hardening of CLSM in the trench. Under the application of the surcharge
(p = 30.0 kN/m2) the bending moment increases up to a maximum value of 0.21
kNm/m. Under shrinkage process, the bending moment increases up to 0.30 kNm/m
which is almost 40% higher than the previous value. This means that the effect of
shrinkage of CLSM should be taken into account.

5.2 PVC-U (Flexible) Pipe

Figures 8 and 9 show the distribution of contact stress between the pipe and the
surrounding soil “CLSM” projected vertically to give the vertical stress component and
horizontally to give the horizontal stress component acting along the flexible pipeline.

Fig. 6. Horizontal stress around rigid pipeline embedded in CLSM

Fig. 7. Bending moment around rigid pipeline embedded in CLSM
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Similar as before, the vertical stress distribution (see Fig. 8) has its maximum value
on the vertical (symmetry axis) of the pipe and the minimum value at the end of pipe
(x = radius of the pipe = 0.15 m). In the first two weeks, the maximum value reached
is 18.0 kN/m2. Under the traffic loading, the maximum value reaches 48 kN/m2 and by
applying the shrinkage rate of 0.1% for CLSM elements, the vertical stress increases up
to 82.0 kN/m2.

Figure 9 shows the horizontal stress component drawn along the diameter of the
pipeline (D = 0.30 m). The horizontal stress increases gradually to reach its maximum
value of 18.0 kN/m2 before shrinkage step was applied and then 48.0 kN/m2 after the
shrinkage was modeled. These values are smaller compared to the other values obtained
by rigid pipe. However, both of them show that the hardening of self-compacting
materials (CLSM) and the shrinkage of CLSM affect the contact stresses imposed on
rigid as well as on flexible pipelines.

Fig. 8. Vertical stress around flexible pipeline embedded in CLSM

Fig. 9. Horizontal stress around flexible pipeline embedded in CLSM
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The bending moment distribution is shown in Fig. 10. The bending moment up to
14 days is similar to the previous case (rigid pipe). After 28 days and the application of
the vertical stress (30.0 kN/m2) the bending moment increases up to 0.17 kNm/m,
which is lower than the previous case (rigid pipe). The shrinkage induces an increase of
the bending moment up to 0.23 kNm/m. In this case, the shrinkage causes an increase
of the bending moment of almost 35%, which is smaller than in the case of rigid pipe.

6 Conclusions

For the investigations presented a FEM model was developed to simulate the behavior
of pipelines embedded in self-compaction materials. The computations were executed
taking the hardening process and shrinkage of self-compacting material into consid-
eration. It is evident that the hardening process of the CLSM has as smaller effect on
the bending moment compared to the effect of the shrinkage for both materials con-
sidered in the modelling process. However, both hardening and shrinkage of CLSM
should be taken in account. In subsequent investigations, further parametric studies will
be carried out for different trench widths and embedment depths.
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Abstract. An experimental investigation was carried out on the reconstituted
Tunis soft soil that was extracted from the center of Tunis City at 35 m depth.
A specific laboratory test apparatus was designed and manufactured to perform
three consolidation series of tests by applying a negative pressure, a preload or a
vacuum pressure combined with preload. Excess pore pressure and settlement
were measured during the consolidation process. Experimental results showed
that for the same magnitude of preload and the vacuum pressure of 4 kPa, 8 kPa
and 16 kPa and 30 kPa, the settlement caused by the vacuum pressure is lower
than that generated by the preload. While the settlement generated by preloads
of 60 kPa and 100 kPa are slightly smaller than those caused by the vacuum
consolidation of 60 kPa and 100 kPa. Recorded excess pore pressure around the
geodrain dissipated more quickly compared to excess pore pressure close to cell
border. The normalized excess pore pressure for preload decreases when the
applied preload increases and then increases quasi-linearly with the increase of
horizontal distance between transducers to geodrain. While, the normalized
excess pore pressure for vacuum pressure increases with the increase of the
applied negative pressure and decreases with the increase of horizontal distance
between transducers and the geodrain.

Keywords: Vacuum pressure � Preload � Settlement � Excess pore pressure

1 Introduction

Preloading, usually implemented by an embankment, is the simplest technique to
improve the undrained shear strength of soft soils. However, the main disadvantage of
preloading, regardless its cost, remains the long time to attain the expected improve-
ment. Hence the recourse to vertical drains revealed necessary for infrastructure pro-
jects in Tunisia to accelerate the consolidation of soft soils (Bouassida and Hazzar
2008). For thirty years, the technique of vacuum consolidation associated with vertical
drains found successes all over the world (Mohamed Elhassan and Shang 2002; Chai
et al. 2005; Indraratna et al. 2009; Saowapakpiboon et al. 2009; Indraratna et al. 2012).

In this paper, an experimental study was carried out on the reconstituted Tunis soft
soil (TSS) improved by geodrain (Mebradrain 88). At the knowledge of authors, it is
the first contribution in studying the improvement of TSS by geodrain combined with
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vacuum consolidation technique either for research purpose or for real project appli-
cation in Tunisia. A specific laboratory test apparatus was designed and manufactured
to run the consolidation tests by applying vacuum pressure, or preload or vacuum
pressure combined with preload.

A detailed characterization of the soil, the equipment used and the experimental
procedure are presented. The experimental results of the evolution of excess pore
pressure and settlement versus time of all series test are discussed and interpreted. This
experimentation was conducted at the geotechnical engineering research laboratory of
National Engineering School of Tunis.

2 Experimental Procedure

2.1 Preparation of Samples

The soil used for the present experimental investigation is a remolded TSS obtained
from the center of Tunis City at a depth of 35 m. The extracted sample has greyish
green color with a characteristic smell and contains shells. A grain size analysis per-
formed by hydrometer and sieve methods in accordance with standards, NF P 94-056
(AFNOR 1995a) and NF P 94-057 (AFNOR 1995b) was carried out on extracted
specimens. Tunis soft soil (TSS) contains 98% of particles with dimensions lower than
80 µm and includes 32% of clay and 30% of silt (Jebali et al. 2013). Atterberg limits’
tests were performed according to the NF P 94-051 (AFNOR 1995c): liquid limit wl is
equal to 65% and plastic limit wp is equal to 37.7%.

The extracted specimens were subjected to a reconstitution procedure by elimi-
nating shell debris to obtain a homogeneous soil.

The reconstitution of TSS consisted of wet sieving the natural soil through the 100
lm sieve. The sieved soft soil is air-dried until water content reached about 1.4 times its
liquid limit (w = 91%).

2.2 Used Equipment

A specific laboratory test apparatus was designed and manufactured to apply the vacuum
pressure, a preload or a vacuum pressure combined with a preload. For the design of the
test apparatus, the main required criteria were the sealing of the system, the measure-
ment of the excess pore pressure and the settlement along with the performing test.

The test apparatus consisted of two consolidometers, an acquisition system com-
posed of 4 pore pressure Transducers PPT1; PPT2; PPT3 and PPT4, two displacement
transducers, a data acquisition card, a multiplexer and a computer provided with a data
acquisition program. The first consolidometer was used for consolidation tests by
preload, whereas the second one was used for the vacuum consolidation tests (Fig. 1).

2.3 Testing Procedure

The first saturated porous stone covered by wet filter paper was placed at the lower base
of soil specimen. The pore pressure transducers were placed in straws of 5 mm diameter
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and 100 mm height. The straws were installed in the holes of porous stone in preselected
locations (Fig. 2). The PPT1, PPT2, PPT3 and PPT4 were placed at a distance of 1.5 cm,
3 cm, 4.5 cm and 5.5 cm, respectively from the center of the porous stone. Thereafter,
the inner cell was lubricated with grease and the reconstituted TSS was placed into
consolidometer by sub-layers. Those sub-layers, each of mass about of 500 g, were

Fig. 1. Schematic of testing apparatus

(a) PPTs location (b) Soil 
Compaction                                                

(c)  Mebradrain 88 geodrain                               (d) consolidation cells    

Fig. 2. Sequences of preparation and performing consolidation test
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gently compacted with a thin rod by applying 25 blows to remove air bubbles. The soil
was gently placed using a spoon to avoid any damage of transducers. As soon as the soil
has reached the height of the cell of 29 cm, a portion of geodrain (width of 18 mm and
thickness of 5 mm) was inserted into the middle of the reconstituted specimen. Then, the
second saturated porous stone covered with wet filter paper was placed at the top of
specimen; a mass of 15 kg was placed until a settlement of 4 cm was recorded. Then the
upper side of cell was closed and the test is ready to start.

3 Conducted Tests

Three series of tests were carried out to study the consolidation of TSS by applying a
preload (Series 1), a vacuum pressure (Series 2) and a vacuum pressure combined with
a preload (Series 3). Table 1 summarizes the series of tests performed on TSS
improved by vacuum and preload techniques.

The first series included a consolidation test by preload (SL). In SL-4-100-G test,
the soft soil specimen improved by geodrain (G) was subjected to preloads of 4 kPa,
8 kPa, 16 kPa, 30 kPa, 60 kPa and 100 kPa. In this case, each preload level was kept
constant during 10 days at minimum to attain a stabilized settlement.

The second series comprised two vacuum consolidation tests (VC). In VC-4-100-G
test, the reconstituted soft soil specimen was subjected to negative pressure of 4 kPa,
8 kPa, 16 kPa, 30 kPa, 60 kPa and 100 kPa. Each vacuum pressure was maintained
constant for at least 10 days. In regard to VC-100-G test, a negative pressure of
100 kPa was applied to achieve a constant settlement. In the third series, the
SL-50-VC-50-G test was performed on the reconstituted TSS specimen subjected to a
negative pressure of 50 kPa combined with preload of 50 kPa. The repetition of tests
was carried out with the same procedures to check their repeatability and to validate the
experimental procedure and used equipment along with the apparatus measure.

4 Results and Interpretations

This section will focus on the variations of settlements and excess pore pressure (Δu)
generated by applied preload (q) or vacuum pressure (pv) or vacuum pressure combined
with preload. The obtained results from performed tests are presented and discussed.

Table 1. Summary of conducted tests

Tests name Preload, q (kPa) Vacuum pressure,
pv (kPa)

Number
of tests

Series 1 SL-4-100-G 4, 8, 16, 30, 60, 100 0 2
Series 2 VC-4-100-G 0 4, 8, 16, 30, 60, 100 2

VC-100-G 0 100 1
Series 3 SL-50-VC-50-G 50 50 1
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4.1 Settlement

Figure 3 illustrates the evolution of recorded settlement versus time for the SL-4-100-G
test (Series 1), VC-4-100-G, VC-100-G tests (Series 2) and SL-50-VC-50-G test
(Series 3). A maximum settlement of 59.46 mm recorded for VC-100-G test (Series 2)
when a negative pressure of 100 kPa is subjected to soft soil specimen. The final
primary consolidation settlement during SL-50-VC-50-G test (Series 3) subjected to
negative pressure of 50 kPa combined with a preload of 50 kPa reached 60.46 mm. The
final primary consolidation settlement for the VC 4-100-G test (Series 2) induced by
successive vacuum pressures (from 4 kPa to 100 kPa) reached 57.41 mm. In turn,
SL-4-100-G test (Series 1) subjected to preloads (from 4 kPa to 100 kPa) generated a
final primary consolidation settlement of 58.13 mm. Considering all these results, it can
be noted that vacuum pressure of 50 kPa combined with preload of 50 kPa generated
greater settlement than those recorded during VC-100-G test. The settlement obtained
from SL-50-VC-50-G test reached its peak value after 7.5 days while the final settlement
obtained during the VC-100-G test is reached after 9 days. The settlement obtained from
VC-4-100-G and SL-4-100-G tests, under incremental preloads and negative pressures
of 4 kPa up to 100 kPa, are attained after 60 days. Therefore, it follows that the major
benefit of combining the vacuum pressure with preloading is the gain in time of the
settlement stabilization that reflects the end of the consolidation process.

4.2 Excess Pore Pressure

Two ratios d1 and d2 are introduced to study the effects of preload and vacuum pressure
on the variation of excess pore pressure.
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tests.
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d1 is the normalized excess pore pressure for preload (q):

d1 ¼ Dumax

q
ð1Þ

d2 is the normalized excess pore pressure for vacuum pressure (pv):

d2 ¼ Dumax

pv
ð2Þ

Figure 4 well illustrates, for a given preload that the excess pore pressure increases as
the distance from central geodrain to the pore pressure transducers also increases. This
explains the accelerated consolidation of reconstituted soft clay the more it is closed to
the geodrain. From figure it also seen that the applied preload becomes higher the trend of
generated excess pore pressure becomes almost uniform. Therefore the increase in
induced excess pore pressure as function of the horizontal distance from geodrain to the
cell border becomes less pronounced when the applied preload decreases.

The variation of d2 versus the horizontal distances between pore pressures trans-
ducers to geodrain obtained from the VC-4-100 G-test (Series 2) is illustrated in Fig. 5.
It should be noted that the ratio d2 increases with the increase of the applied negative
pressure and decreases with the increase of horizontal distance between transducers to
geodrain. Therefore the decrease of generated negative excess pore pressure as function
of the horizontal distance from geodrain to the cell border is noted when the applied
vacuum pressure increases.

Fig. 4. Variation of d1 (the normalized excess pore pressure for preload) versus horizontal
distances of pore pressure transducers from geodrain for SL-4-100-G test.
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5 Conclusions

A first evaluation of improvement technique using the vacuum consolidation to
accelerate the consolidation of Tunis soft soil was presented herein.

An experimental laboratory investigation was carried out on reconstituted TSS
improved by geodrain in three configurations.

Experimental results have shown that for the same magnitude of preload and the
vacuum pressure less than or equal to 30 kPa, the settlement caused by the vacuum
pressure is less than that generated by the preload. While the settlement generated by
preloads of 60 kPa and 100 kPa are slightly smaller compared to those caused by
vacuum consolidation of 60 kPa and 100 kPa. These results have shown that the end of
consolidation process is explained by the dissipation of excess pressure and stabi-
lization of soil deformation. Recorded excess pore pressure around the geodrain
dissipates more quickly compared to excess pore pressure close to cell border.

The combination of vacuum pressure with preloading revealed an effective method
for accelerating soft soil consolidation during which the application of negative
pressure soil generating an inward horizontal deformation.
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Abstract. A recent experimental work of Frikha et al. (2015) demonstrated that
when the number of granular columns increases at a fixed area replacement ratio
“η”, the contact surface between the reinforcing columns and the clayey soil
increases and results in an increase in the soil-column interface friction, which
enhances the strength properties of the reinforced soft clayey soil. Granular
Columns/soil interface strength can play then an important role in the bearing
capacity of reinforced soil. However, it would appear that none of the methods
proposed of design of granular column to date are able to reliably predict
performance to a satisfactory level of accuracy due to the intrinsic characteristics
of interface properties Columns/soil.
The present paper try to carry out into the shear behavior of sand/clayey soil

interface using a simple direct shear test. In the shear test a shearing surface is
produced and the resistance to shearing is defined as the shear resistance. The
frictional resistance is, however, determined on an existing joint surface. The
frictional behavior at the soil – other materials interface is usually and com-
monly obtained from direct shear tests. A numerical modelling analysis of direct
shearing box test using FLAC3D was performed in order to define the interface
parameter by comparing the experimental results with the numerical one. The
principal purpose of this work is to define the properties of the interface for a
future numerical simulation of behavior of clayey soil reinforced by granular
column.

1 Introduction

Modeling of soil-structure interaction is very important in geotechnical engineering
including hydraulic structures. It is relevant to a wide range of project problems, such
as numerical analysis of concrete-faced rock fill dams, retaining walls, shallow foun-
dations, piles, tunnels, reinforced earthworks, and geosynthetic liners. The relationship
between shear stress and shear displacement of the soil-structure interface plays a major
role in modeling soil-structure interactions (Wu et al. 2011).

Several investigations were conducted for determining the bearing capacity of an
isolated column by considering several methods (Bouassida and Hadhri 1995) including
the state of stress (Aboshi et al. 1979), a failure mechanism combined with a state of stress
(Greenwood 1970; Hughes et al. 1975; Datye 1982; Balaam and Booker 1985; Frikha
and Bouassida 2015), or a failure mechanism only is used (Bouassida and Jellali 2002).
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Hu (1995) built a laboratory-scale model to examine the behavior of a cohesive soft
soil reinforced by a group of granular columns supporting a rigid footing. He found that
reinforcement by a group of columns is more effective than that by an isolated column.
The interaction between the columns and the soft clay was found to efficiently contribute
to the enhancement of the load bearing capacity and to provide a wider transfer of
loading. Bachus and Barksdale (1984) concluded that there is only a slight increase in
the ultimate load bearing capacity per column when the number of columns increases.
However, in their tests, the effect of lateral confinement was more significant since the
reinforcing columns were set close to the borders of the testing box. Wood et al. (2000)
commented on the tests performed by Hu (1995) and confirmed that the mode of failure
for each column, in the case of group-column reinforcement, depends on its location
within the group, its length, and the type of loading. Their results showed that the
pre-failure mechanisms and the failure modes of a granular-column group are different
from those observed for a single column. They reported that the area replacement ratio
affects the extent of the columns’ interaction and the load transferred to the soft clay in
between the columns. This research concluded that a significant improvement in the
bearing capacity depends on a minimum area replacement ratio of 25%.

A recent experimental work performed by Frikha et al. (2015) demonstrate that
when the number of columns increases at a fixed area replacement ratio “η”, the contact
surface between the reinforcing columns and the clayey soil increases and results in an
increase in the soil-column interface friction, which enhances the strength properties of
the reinforced soft clayey soil.

Granular columns/soil interface strength can play then an important role in the
bearing capacity of reinforced soil. However, it would appear that none of the methods
proposed of design of granular column to date are able to reliably predict performance
to a satisfactory level of accuracy due to the intrinsic characteristics of interface
properties granular columns/soil.

The present paper tries to carry out into the shear behavior of granular
Column/Clayey soil interface using a simple direct shear test (Fig. 1). In the shear test a
shearing surface is produced and the resistance to shearing is defined as the shear
resistance. The frictional resistance is, however, determined on an existing joint sur-
face. The frictional behavior at the soil– other materials (e.g. geosynthetic, geogrid, tire
shreds, rubber chips, geofoam, polymer, etc.) interface is usually and commonly
obtained from direct shear tests (O’Rourke et al. 1990; Bernal et al. 1997; Lee and
Manjunath 2000; Xenaki and Athanasopoulos 2001; Bergado et al. 2006; Liu et al.
2009; Palmeira 1988; Anubhav and Basudhar 2010).

The principal purpose of this work is to define the properties of the interface for a
future numerical simulation of behavior of clayey soil reinforced by granular column.
There are in fact several instances in geomechanics in which it is desirable to represent
planes on which sliding or separation can occur. Include for example, the cases of joint,
fault or bedding planes in a geologic medium; an interface between a foundation and
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the soil; a contact plane between a bin or chute and the material that it contains; a
contact between two colliding objects; and a planar “barrier” in space, which represents
a fixed, non-deformable boundary at an arbitrary position and orientation.

The sample preparation, test method, and test results of an experimental program of
direct shear testing in the interface between two layers of sand/clayey are undertaken.
A simulation of performed model using finite-difference code (Itasca FLAC3D) is also
conducted and interpreted.

2 Studied Soil

The tested soft soil is grey in color, contains shell debris, and has a characteristic smell.
The properties of Tunis soft soil are a liquid limit of xl = 66.5%, a plastic limit of
xp = 23.9%, a plasticity index of IP = 42.6%, a natural water content of x = 74%, a
compression index of Cc = 0.64, and an oedometer modulus of E = 1700 kPa.
According to the French Standard XP P 94-011 classification, the tested soft soil is
classified as a highly plastic clay.

The material used is siliceous sand classified as CEN in accordance with the
European standards EN 196-1. The sand particles are generally isometric and rounded
in shape. The coefficient of uniformity of the CEN sand is Cu = 6 and its dry unit
weight is cd = 16 kN/m3.

The grain size distributions of Tunis soft soil and CEN Standard sand are depicted
in Fig. 1. It is noticed that 60% of the particles of Tunis soft soil are smaller than 2 lm
and 98.3% are smaller than 80 lm. As seen in Fig. 2, the mean particle diameter, D50,
of the CEN Standard sand is 0.7 mm.

Fig. 1. Proposal model
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3 Experimental Procedure

The first step consists of wet sieving the natural soft soil through a 100-µm sieve. Then,
the sieved soft soil is air-dried until its moisture content reaches 100%, which repre-
sents approximately 1.5 xl.

The second step is to subject the slurry material to a vertical pre-consolidation
pressure of K0 in a special mould (consolidometer container). The consolidometer is a
metallic box, 6 � 6 cm in surface and 20 mm in height (Fig. 3).

The inner surface of the consolidometer is lubricated with silicone grease prior to
the slurry placement in order to reduce the effects of roughness, and therefore, allow an
easy unmolding of the specimens. The inner surface of the consolidometer is also lined
with filter paper to accelerate the consolidation. The slurry is then carefully placed into
the mould, using a spoon, where it is frequently tamped with a plastic tamper to avoid
the formation of air during the filling phase. When the predetermined specimen height
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Fig. 2. Grain size distribution of used clayey and sandy soil

Fig. 3. Used shear box
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is attained, the consolidation loading cap is placed to start the loading phase. The
specimens are consolidated under a vertical stress of 54 kPa for at least seven days.
At the end of the consolidation phase, the specimen height is 1,2 cm. During the
pre-consolidation phase, drainage is allowed at the top and bottom of the specimen
through the installed upper and lower porous stones. A dial gauge on the loading cap is
used to measure the axial deformation of the tested specimen. The consolidation is
considered to be complete when quasi-constant axial deformation is recorded. The
pressure is then reduced to zero and the loading cap is removed. The soft clay sample is
placed in the shear lower half-box.

The sample is then cut at the shear plane of lower half-box by means of a steel wire
to obtain a final height of 1 cm. the upper half-box is then fixed so as to secure the two
half boxes and is filled with a dry sand in small layers (20 gr of sand per layer), in order
to attain the final height of sand layer (10 mm). Each layer is compacted by a plastic
tamper. The same weight (20 gr) of dense compacted sand is considered in all tests.

The obtained sample composed of two layers is then subjected to direct shear stress
in a shear box equipment (Fig. 3) under a velocity of V = 0.5 mm/min and a normal
stresses of ϬN = 54.8 kPa, 67.4 kPa and 80.0 kPa.

4 Experimental Results

Figures 4 present typical results of the direct shear box tests carried out on (i) recon-
solidated soft soil, (ii) normalized sand and (iii) sample composed from two layers
(Sand and Clay) subjected to different normal stresses. These figures show the varia-
tions in shear stress, s = F/S, with respect to the calculated linear strain under
undrained conditions. Linear strain ea is calculated as the measured displacement
divided by the specimen’s initial length ea = dl/l (%).

For the case of the Tunis soft soil, shear stresses are quasi-independent of normal
stresses.

Figure 5 show the obtained results of shear stress vas a function of applied Normal
stress for (i) Clay-Clay (ii) Sand-Sand and (ii) Clay-Sand. In the three cases the shear
stress is evolution quasi-linear with the normal stress. The obtained cohesion “c” is
34.0, 23.7 and 0 for Clay-Clay, Sand-Sand and Clay-Sand respectively. Whereas the
friction angle “u” is 9.44°, 27.6° and 43.1° for Clay-Clay, Sand-Sand and Clay-Sand
respectively. Both the cohesion and the friction angle derived from performed test on
interface clay-sand are between those obtained for clay-clay and sand-sand interfaces.

5 Numerical Modelling and Analysis

FLAC3D provides interfaces that are characterized by Coulomb sliding and/or tensile
and shear bonding. Interfaces have the properties of friction, cohesion, dilation, normal
and shear stiffness, and tensile and shear bond strength. FLAC3D represents interfaces
as collections of triangular elements (interface elements), each of which is defined by
three nodes (interface nodes) (Figs. 6, 7 and 8).
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Fig. 4. Results of shear tests performed on (a) Clay-Clay (b) Sand-Sand and (c) Clay-Sand
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The normal and shear forces that describe the elastic interface stage response are
determined at calculation time ðtþDtÞ the following equations provided by FLAC3D
(FLAC3D Online Manual 2005):

FðtþDtÞ
n ¼ knun þ rn0ð ÞA;FðtþDtÞ

si ¼ FðtÞ
si þ ks:Du

ðtþDt=2Þ
si þ rsi

� �
A ð1Þ

Where FðtþDtÞ
n is the normal force at the calculation time tþDt; kn is the normal

stiffness of interface element; un is the normal penetration of the interface node into the
target face; rn0 is the normal effective stress added due to interface stress initialization;

A is the representative area associated with the interface node; FðtþDtÞ
si and FðtÞ

si are the
shear forces at calculation times tþDt and t respectively; ks is the shear stiffness of

interface element, which is a constant in the elastic stage; DuðtþDt=2Þ
si is the incremental

shear displacement between tþDt and t; and rsi is the vector of additional shear stress
due to interface stress initialization (FLAC3D Online Manual 2005).

According to the Mohr-Coulomb criteria, the yield relationships in the shear and
normal directions are:

FSmax ¼ CAþ Tanu Fn � pAð Þ;Fn ¼ rt ð2Þ

where Fs max is the maximum shear strength, c is the cohesion of the interface, u is the
friction angle of the interface, Fn is the normal force, p is the pore pressure, and rt is
the normal tensile strength of the interface.

If the interface does not have dilation characteristics, the forces are corrected as
follows:

Fsi ¼ Fsmax ð3Þ

Fig. 8. Zone dimensions used in stiffness calculation
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If the interface has dilation characteristics, the forces are corrected as follows
(FLAC3D Online Manual 2005):

Fn ¼ Fn þ
Fsj j0�Fsmax

� �
Aks

tanw kn; Fsi ¼ Fsmax ð4Þ

Where Fsj j0 is the shear force before the above corrections are made, and w is the
dilation angle of the interface.

A series of numerical analysis has been conducted to simulate the direct shear tests
using FLAC3D code by ITASCA. The model geometry is shown in Fig. 4. The
numerical model of the test is composed of two parts: each part is a shear box with soil
in it and discretized 5832 brick-shaped mesh elements. Soil strengths are defined by the
Mohr-Coulomb failure criterion.

The interface between the dissimilar materials is modeled as linear spring-slider
system with interface shear strength defined by a linear-elastic perfectly plastic model
with a Mohr-Coulomb failure criterion. The relative interface movement is controlled
by interface normal stiffness (kn) and shear stiffness (ks). A recommended thumb rule is
that ks and kn be set to ten times the equivalent stiffness of the stiffest neighboring zone.
The maximum stiffness value is given by as:

kn ¼ ks ¼ 10�max
K þ 4

3G

Dzð Þmin

� �
ð5Þ

Where the parameters Dzð Þmin, K and G are the smallest dimensions in normal direction,
bulk modulus and shear modulus continuum zone adjacent to the interface respectively.
This approach gives the preliminary values of the interface stiffness components, and
these can be adjusted to avoid intrusion to adjacent zone and to prevent excessive
computation time. The interface behavior of clay-Sand is represented numerically at
each node by a rigid attachment in normal direction and spring-slider in the tangent
plane to the interface surface. The required input parameters for interaction between
interface grids are: (i) coupling spring cohesion (ii) coupling spring friction (iii)
coupling spring stiffness. Table 1 summarizes the geotechnical parameters of each
studied soil.

Table 2. Interface properties used in numerical simulation

Interface kn ¼ ks (N/m) Friction u (°) Cohesion c (kPa) Tensile (kPa)

Sand-Sand 424.04 107 43.38 0 1010

Sand-Clay 424.04 107 27.6 23.75 1010

Clay-Clay 237.47 107 10 34.35 1010

Table 1. Material properties used in numerical simulation

Material Cohesion c
(kPa)

Friction u
(°)

Bulk modulus K
(MPa)

Shear modulus G
(MPa)

Sand 0 43.38 0.29167 0.14615
Clay 34.35 10 0.23167 0.024138
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In accordance with Eq. 5, parameters of different interfaces are listed in Table 2.
The analysis was carried out considering first step, only normal stress was applied on

the top surface of the model and in the second step, shear stress was applied. All of the
analyses were performed using normal stress of 54.8, 67.4 and 80.0 kPa respectively.

Figure 9 shows the boundary condition model. The whole model is restrained in the
y direction while the bottom part is also restrained in z directions at its base.

In the initial step, a normal load is applied at the top of the model making a set of
stresses representing soil initial state installed in the grid, and then FLAC3D is run
under elastic assumptions until an equilibrium state is obtained. The initial horizontal
stress is related to the initial vertical stress by at rest lateral earth pressure coefficient
(K0) which equals to (1 − sin u), where u is the angle of internal friction of the soil. In
the second step a horizontal velocity of 5� 10�7 m/s is applied to the bottom box in
x direction.

Fig. 9. Boundary conditions in xz plane

Fig. 10. Vertical stress obtained at the end of simulation
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In this present simple analysis of the last section, the friction in the interface is
assumed to be fully mobilized. In fact, the degree of mobilization will depend on the
shear displacement.

Figure 10 presents an example of obtained vertical stress at the end of simulation
numerical modelling. Numerical results are shown in Figs. 11 together with the
experimental results. It can be seen that the model is able to reproduce the behavior of
soil-soil interface with different normal stresses.
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Fig. 11. Comparison of model predictions with experimental results in the case of
(a) Clay-Clay, (b) Sand-sand and Clay-Sand
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6 Conclusion

The shear behavior of sand/clayey soil interface using a simple direct shear test is
studied. In the shear test a shearing surface is produced and the resistance to shearing is
defined as the shear resistance. The frictional resistance is, however, determined on an
existing joint surface. The frictional behavior at the soil– other materials interface is
usually and commonly obtained from direct shear tests.

The built-in interface element in FLAC3D can simulate the soil-soil interfaces, i.e.
relationship between shear stress and shear displacement, according to the linear
elastic-perfectly plastic model. The used input parameters are derived and calibrated
from experimental results. It can be seen that the numerical model is able to reproduce
the behavior of soil-soil interface with different normal stresses. Some elaborated
models can be also used according to nonlinear strain-softening interface behavior
(Wu et al. 2011).
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Abstract. An experimental investigation on the shrinkage and durability of
stabilized soil was conducted to examine the effect of the addition of chemical
stabilizers such as cement, lime, filler and their combination on the character-
istics of clays. Shrinkage was measured on un-stabilized soil and stabilized
samples with cement, sand or a mixture of cement and sand. The results show
that the shrinkage of un-stabilized soil is proportional to the water content of
saturation. The higher the percentage of initial water in the soil, the greater the
drying shrinkage. For the stabilized soil, the combination of cement and sand
reduces the shrinkage slightly better than when only cement is added. The
durability was evaluated by conducting series of wetting-drying cycle tests. The
study shows that the durability of earth material can be improved by cement and
lime stabilizers.

1 Introduction

In the interest of economy, using the locally available materials is one of the main
requirements in minimization of construction cost. Faced with an ever increasing
problem of providing adequate yet affordable housing in sufficient numbers, the local
authorities in Algeria encourage research to develop low cost, readily available and
durable building materials. Earth is the oldest building material known, and different
techniques are used in earth construction (Stulz and Mukerji 1988; Houben and
Guillaud 1989; UNCHS 1987). The oldest technique used is rammed earth or “pisé”
which consists of pouring earth stabilized by natural fibres or a binder in a pre-prepared
formwork for wall construction with manual compaction in layers of about 1 m height.
This technique is suitable for soils with high percentage of large grain size particles. An
interesting experience has been reported in North Africa using a similar technique for
building low cost grain silos in rural regions using earth stabilised by wheat straws
(Bartali 1991). Another technique is the adobe, where blocks are manually prepared in
wooden moulds and dried in the open air. Straw is sometimes used to reduce cracking.
This technique is mostly used in rural areas and in self-built housing projects.

Earth construction is the most used type of building throughout the long history of
Algeria. Some historical cities in the desert and mountainous regions are known of their
experience in the use of this low cost material in housing projects. Many failures have
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been reported after seasonal flooding in some cities in Algeria, which undermined the
use of earth blocks and led local people to the use of concrete blocks and burned bricks.
However, due to its higher cost and lower thermal performance, much interest is going
back to earth construction, which is known for its cheap labour and low cost and
comparable thermal insulation characteristics. It was revived in early 1980s in Algeria
following an instruction from the Algerian Ministry of Housing to local authorities to
encourage the use of local construction materials in rural and desert regions. Prototypes
and housing projects in different regions were built. Much of the work was on stabilised
soil blocks as it is available everywhere and previous historic experience exists.

The use of earth as a building material offered numbers of advantages. However,
some of the drawbacks using earth alone for construction are its lack of durability and
shrinkage cracking under the action of the weather and its low strength. In addition,
with the developments of masonry and reinforced concrete, soil based constructions are
regarded as designed for the poor people and hence of lower quality. At present there is
a growing market for earth wall buildings moving towards more durable materials of
stabilized rammed earth and compressed stabilized earth bricks and blocks. Although
the strength is proven to be adequate, there is some consumer resistance for earth
building materials considering its durability properties. Much work is needed to
identify and enhance durability of earth materials and to convince the general public on
durability aspects of earth buildings. Hence, it needs stabilization to increase its
strength, durability and shrinkage characteristics. Among the several types of stabi-
lization, the most promising technique is chemical and/or mechanical stabilized soil.
A clay sandy soil is usually used after being mixed with some cement or lime in the
moulds, hydraulically compacted and then cured. Many research works have been done
on soil stabilization using mainly cement and lime stabilization (Gresillon 1978;
Houben and Guillaud 1989; Heathcote 1995; Walker 1995; Morel et al. 2001;
Bouhicha et al. 2005; Bahar et al. 2004). This paper presents the results of an exper-
imental study on the shrinkage, strength and durability characteristics of local stabilized
fine soil. The main objective of this experimental study is to examine the effect of the
addition of chemical stabilizers such as cement, lime, filler and their combination on
the characteristics of local Algerian clays.

2 Material Characteristics

Three typical soils marl (M), clay (C) and sand (S), from the region of Tizi-Ouzou, east
of Algiers, Algeria, were studied. This region is a very populated mountainous region
known of its earth construction and local traditional pottery industry. Soils were first
passed through a sieve of 5 mm before being characterized for its grading curve,
consistency limits and chemical composition. Figure 1 shows the particle size distri-
bution curves of these soils. The sand was fine river sand passing a sieve of 0.63 mm.
According to the AASHTO system, it is classified in the group A1. The gradation of
the marl (M) and clay (C) are between two boundary curves and relatively close to the
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ideal curve called Fuller curve (CRATERRE 1991). The marl soil consists of 7.7%
gravel, 33.1% sand and 59.2% fine particles and has a plasticity index of 15 and a
liquid limit of 39, which ranks in the group A6 fine-grained soils according to the
AASHTO system. The liquid limit and plasticity index of the clay soil are 54 and 37
respectively, which ranks in the group A7-6 fine-grained soils according to the
AASHTO system. The sand equivalent of the two soils is less than 20. The results of
chemical analysis of the tested soils are given in Table 1. The optimum water content
for the soil without stabilization was obtained using a normalized Proctor mould. The
results are shown in Fig. 2. The clay sample is composed of quartz and a clay fraction
(muscovite, kaolinite, feldspar and chlorite). The marl sample is composed mainly of
carbonates (limestone, dolomite) of quartz and clay minerals (muscovite, kaolinite,
feldspar). The stabilizer materials used are fine fillers added with a grain size varying
from 0 to 125 lm, Ordinary Portland cement (CEMII 32.5) and lime obtained by firing
limestone at a temperature of 1000 °C.
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Fig. 1. Grain size distribution

Table 1. Chemical composition of the soils

Sample Chemical composition (%)
SiO2 A12O3 Fe2O3 CaO MgO SO3 K2O Na2O P2O5 TiO2 PF

Clay (C) 54.46 23.21 7.24 0.44 2.05 0.03 4.29 1.33 0.14 1.19 5.59
Marl (M) 45.40 10.61 5.25 16.14 1.98 0.06 2.05 0.52 0.12 0.57 17.31
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3 Testing Program

Unstabilized and stabilized samples for testing are prepared by first drying the soil in an
oven, and a homogeneous mixture obtained by blending the required amount of cement
with the dry soil in a mechanical mixer before adding water and further mixing. The soil
mixture is put in a normalized Proctor mould and is compacted dynamically. Kenai et al.
(2006) show that mechanical stabilization by dynamic compaction of local clay sandy
soil seems to enhance the mechanical properties and water resistance of the soil as
compared to the static or the vibro-static compaction methods. The tests were conducted
according to the local and to the RILEM TC 153 recommendations (CNERIB 1993,
1994; RILEM 1995).

3.1 Shrinkage Tests

To test the influence of the water content on the soil shrinkage, we conducted soil
shrinkage measures with the measuring device described in the scheme of Fig. 3. The
test consists of daily measure the shortening of the length of the sample on the com-
parator. We will also weigh these specimens on a scale; the test is continued until
stabilization of the mass. After heating in the oven at 105 °C for 24 h, the specimen is
then measured (dry length Lf) and weighed (Ms). The test lasts about twenty days.

3.1.1 Unstabilized Soil
Three water content levels have been considered for the samples: 10%, 14% and 30%
for samples E10, E14 and E30 respectively. These initial water contents are chosen in
relation to the natural water contents measured on the marls and clays of the
Tizi-Ouzou region in summer and winter. Figure 4 illustrates the variation of the length
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of the sample as a function of the age of the specimen. Figure 4 shows a reduction in
the sample length during the first five days of drying, followed by a tendency to
stabilize. This decrease is more pronounced for high initial water contents. For the E10
sample, the length does not vary from the 10th day. For E14 and E30 sample, the length
does not vary from the 7th day and the 11th day respectively. It is noted that most the
initial water content is high, the greater the decrease in length is important. Large
variations in length are observed during the first days after the making of the speci-
mens. The amplitude of the shortening of the length of the samples is proportional to
the initial water content. When the sample dries, the water volume decreases. The
samples change volume and the curves of variation of the length as a function of time
have two phases. In the first one, the length variation is significant during the first 5
days, the grains are close to each other, the sample is always saturated and the length of
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Fig. 3. Experimental measurement of shrinkage
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the specimen decreases significantly. In the second one, the grains are in contact and
can no longer close. The shortening is slowed and eventually stabilizes at the end of the
10th day. Figure 5 clearly shows the two main phases of shrinkage: normal shrinkage
and absence of shrinkage. The normal shrinkage is proportional to the water content of
saturation. The higher the percentage of initial water contained in the soil is high, over
the drying shrinkage is important. The second phase is characterized by shrinkage
equal to zero; the removal of water does not vary the length of the sample. The
intersection of the line representing normal shrinkage with the axis carrying the
moisture (absence of shrinkage) gives the effective shrinkage limit (Table 2).

3.1.2 Stabilized Soil
Shrinkage was measured on samples stabilized with cement, sand or a mixture of
cement and sand. Specimens were cured inside the laboratory at about 25 °C and 65%
R.H. Figure 6 shows typical variation of shrinkage with time for cement-stabilized soil.
Shrinkage increases rapidly during the first four days for both cement stabilized soil
and un-stabilized soil specimen and then at a later ages the increase is very slow.
Hence, curing for the first four days could be beneficial in reducing drying shrinkage
and cracking. The shrinkage of cement stabilized soil at 25 days of age as compared to
that of un-stabilized soil was reduced by about 20% and 44% for 6% and 10% of
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Table 2. Shrinkage limits

Sample Effective shrinkage limit wre (%)

E 10 1.47
E 14 2.26
E 30 5
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cement content respectively. A study was also conducted on the effect of using a
combination of sand and cement on the final shrinkage at 25 days of age (Table 3). As
expected, the addition of sand reduces the shrinkage as sand particles oppose the
shrinkage movement. The reduction in shrinkage was about 29% and 64% for 10% and
15% of sand content respectively. Further increase of sand content did not affect the
shrinkage. The combination of cement and sand reduces the shrinkage slightly better
than when only cement is added. When a combination of cement and sand was added, a
mixture of 5% sand and 15% of cement seems to give the lowest shrinkage.

3.2 Wetting - Drying Cycle Tests

The purpose of the durability test is to evaluate the ability of the stabilized material to
resist to the water action. This ability is often studied by wetting-drying cycle test,
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Table 3. Variation of final shrinkage with water, sand and cement contents

Water
content
(%)

Final
shrinkage
(mm)

Sand
content
(%)

Final
shrinkage
(mm)

Cement (C) +
Sand (S)

Final
shrinkage
(mm)

8.63 0 5 1.74 5%C + 15%S 1.12
10.0 0 10 1.73 10%C + 10%S 1.11
12.0 0.86 15 0.88 15%C + 5%S 0.74
13.43 2.59 20 0.87
15.56 3.80
19.28 6.03
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weight loss test and absorption test by immersion and capillary action. In this paper,
only the results obtained by tests of wetting–drying cycle tests carried out on stabilized
clay samples are presented. Compressive strength was determined on samples prepared
in compaction moulds under standard Proctor conditions. Tests were conducted
according to the local (CNERIB 1993, 1994) and to the RILEM TC 153 (RILEM 1995)
recommendations. Samples for testing are prepared by first drying the soil in an oven
and a homogeneous mixture obtained by blending the required amount of cement, lime,
filler or combination of these three stabilizers with the dry soil in a mechanical mixer
before adding water and further mixing.

The following nomenclature was adopted for additions and their contents used in
the preparation of samples.

In order to study the durability of stabilized soil material when subjected to alternating
precipitation (water saturation in winter, dry in summer), a standard test of sustainability
(wetting - drying) was performed. The samples are subjected to five cycles of wetting -
drying. They are firstly immersed for 5 h in water and then dried in an oven for 24 h at a
temperature of 105 °C. In the last cycle, they are subjected to the compression test
immediately after immersion. The compressive strength of clay stabilized with cement,
lime, filler, addition of sand and their combinations after five cycles of wetting-drying is
given in Figs. 7, 8 and 9. Observations made during these tests show that the untreated
samples were completely destroyed in the early cycles, indicating the low water resis-
tance of the used materials. Stabilized specimens show a better resistance to water.

For the clay stabilized only by cement, Fig. 7 shows that the compressive strength,
after 5 cycles of wetting-drying, increases with the increase cement content. An
addition of 10% of cement increases 10 times the resistance to water of the stabilized
material with 5% cement content. The addition of 15% of cement causes an increase in
resistance smaller than that of the material stabilized with 10% cement. These results
indicate that the resistance of the clay stabilized in the range 5 to 10% is very sensitive
to cement content. Strength gain is relatively low beyond 10% cement content. If we
consider the strength limit of 4 MPa imposed by standards for low rise buildings (less
than 2 floors) the addition of 10% cement provides a satisfactory safety factor of 3.4.
For clay stabilized by mix of cement and lime, Fig. 7a clearly shows that the strength is
high for higher cement content. Figure 7b shows that the curves for 2% and 5% of lime
are located above the curve for treatment with cement alone, and intersect in a point
corresponding to a cement content of about 13%. These results clearly indicate that the
lime content depends on the effective cement content. For cement contents below 13%,
the best strength is obtained for a lime content of 5%. Beyond 13% of cement, 2% lime
gives better results. For an addition of 10% cement and 5% lime, strength gain is about
92%, almost double the strength obtained by treatment with cement alone. The increase
in strength was 84% for 2% lime combined with a cement content of 15%. The best
performance of the material was obtained with 15% of cement and 2% lime

C: Cement CY: Y% cement content (C5 = 5%, C10 = 10%, C15 = 15%)
F: Filler FY: Y% filler content (F2 = 2%, F5 = 5%, F10 = 10%)
X: Lime XY: Y% lime content (X2 = 2%, X5 = 5%)
S: Sand SY: Y% sand content (S20 = 20%, S30 = 30%)
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(25.2 MPa). For clay stabilized by a combination of cement and filler, Figs. 8a and b
show that the addition of 2 and 5% filler generate an insignificant strength gain and
may even bring down the strength of the material stabilized with cement alone. The
addition of 10% filler slightly improves the strength. Strength gain as compared to
treatment by cement alone is 6.2% and 8.7% for (15% cement and 10% fillers) and
(10% cement and 10% fillers), respectively. This slight improvement is probably due to
the improvement of the compactness of the material induced by the reduction of voids
between the integration of fine soil particles. The addition of fillers is interesting for a
content of 10% which causes a slight strength gain whatever the cement content.

Figure 9 shows the influence of the addition of sand on the compressive strength of
clay stabilized by mix of cement and sand. The incorporation of cement has a positive
effect on the strength, the higher the cement content, the higher is the strength. The best
results are obtained with 15% cement and 50% sand (23.4 MPa). Figure 9 shows the
same results as gains, losses and performance compared to those obtained for the
cement stabilized with clay alone. Figure 9a shows that the strength gain is very
important for low cement contents (5%). It is observed that if the cement content is
maintained at 5% for a particular application of stabilization, the incorporation of sand
is extremely useful because an addition of 20% sand increase by 2.8 time the strength
of the cement stabilized clay alone and an addition of 30% and 50% of sand, this
improvement is 4.5 and 5.2 times larger respectively. The best strength gains are given
by the cement content of 5%. For 10 and 15% cement content, Fig. 9b shows that gains
in strength are quite similar and the curves obtained are almost identical.

Figure 10 shows the influence of the addition of a combination of cement, filler and
sand on the compressive strength of stabilized clay. For clay stabilized with 20% sand,
the addition of 2% lime seems to give interesting results for cement contents ranging
only between 8 and 11%. Outside this range, the strength is lower than that obtained
with the addition of 5% of lime. With 5% lime, the strength varies linearly with the
cement content. However, in the range of 8 to 11% of cement, it was found that the
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treatment with 5% lime causes a loss of strength of 3%, which is very low. It can be
concluded that treatment with 20% sand can produce quite good results with lime
content of 5%. For clay stabilized with 30% sand, there is a similar situation than with
20% sand, but with a higher effect on the strength for 2% lime. The addition of 2% lime
can be interesting for cement content between 8 and 14%. Stabilization with incor-
poration of 5% lime significantly improves resistance to water after 5 cycles wetting -
drying. The best performance is achieved with (15% Cement + 30% Sand + 2%
Lime), where a maximum strength of 30.6 MPa is obtained.

4 Conclusions

The effect of the addition of chemical stabilizers and their combination on the
shrinkage, strength and durability characteristics of clays was examined. The results
show that the shrinkage of un-stabilized soil is proportional to the water content of
saturation. The higher the percentage of initial water contained in the soil is high, over
the drying shrinkage is important. For the stabilized soil, the combination of cement
and sand reduces the shrinkage slightly better than when only cement is added. The
wetting-drying cycle tests show that the durability of earth material can be improved by
the addition of cement and lime. The results show that although adding more than 10%
cement improves dry compressive strength. Even with high levels of cement (15%), the
compressive strength is altered and is only 88% of the dry strength after cycles of
wetting-drying. For low levels of cement content, sand addition has a great influence on
strength; the gain obtained by sand incorporation into the clay is about 5 times larger,
especially in the presence of high levels of cement. Clay stabilized with a combination
of (cement + sand + lime) gives excellent results than the stabilizer by a combination
(cement + sand + filler).
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Abstract. A new direct Boundary Element (BEM) technique is established to
analyze plates on tension-less elastic foundation. The soil is modeled as Winkler
springs. The considered BEM is based on the formulation of shear deformable
plate bending theory according to Reissner. The developed technique is based
on coupling the PLPAK software with iterative process to eliminate tensile
stresses underneath the considered plate. Tensile zones are redistributed until the
final contact zone of plate is reached. Examples are tested and results are
compared to analytical and previously published results to verify the proposed
technique.

1 Introduction

Solving plates on tensionless foundation can be divided into two main categories of
solution. First solution is to solve the problem using iterative procedure to consider the
miscontact between plate and foundation. Second solution is to embedded the contact
problem in a system of nonlinear equations and solve it using optimization algorithm.
Boundary element method (BEM) is widely used to solve plate on foundation problem.
Katsikadelis and Armenakas [1] presented analysis of thin plates on elastic foundation.
A BEM formulation based on shear deformable plates according to Reissner [2] was
derived by Vander Weeën [3]. Rashed et al. [4–6] extended Vander Weeën formulation
to model foundation plates.

Several studies are presented to solve plates on tensionless foundations. Weitsman
[7] presented analysis of tensionless beams, or plates, and their supporting Winkler or
Reissner subgrade due to concentrated loads. Celep [8] presented the behavior of
elastic plates of rectangular shape on a tensionless Winkler foundation using auxiliary
function. Galerkin’s method is used to reduce the problem to a system of algebraic
equations. Li and Dempsey [9] used an iterative procedure to analyze unbonded contact
of a square thin plate under centrally symmetric vertical loading on elastic Winkler or
EHS foundation. Sapountzakis and Katsikadelis [10] presented boundary element
solution for unilateral contact problems of thin elastic plates resting on linear or
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nonlinear subgrade by solving a system of nonlinear algebraic equations. Xiao et al.
[11] presented a BE-LCEM solution for thin free edge plates on elastic half space with
unilateral contact. Silva et al. [12] used finite element method to discretize the plate and
foundation then used three alternative optimization linear complementary problems to
solve plates on tensionless elastic foundations. T-element analysis of plates on uni-
lateral elastic Winkler type foundation using hybrid-Trefftz finite element algorithm
was presented by Jirousek [13]. Xiao [14] presented a BE-LCEM solution to solve
unilateral free edges thick plates. Nonlinear bending behavior of Reissner-Mindlin
plates with free edges resting on tensionless elastic foundations using admissible
functions was presented by Hui-Shen and Yu [15]. Silveira et al. [16] presented a
nonlinear analysis of structural elements under unilateral contact constrains studied by
a Ritz approach using a mathematical programming technique. Results of finite element
analysis of beam elements on unilateral elastic foundation using special zero thickness
element designed for foundation modeling is presented by Torbacki [17]. Buczkowski
and Torbacki [18] presented finite element analysis of plate on layered tensionless
foundation. Kongtng and Sukawat [19] used the method of finite Hankel integral
transform techniques for solving the mixed boundary value problem of unilaterally
supported rectangular plates loaded by uniformly distributed load.

In this paper, an iterative procedure is developed to solve thick plates on tensionless
Winkler foundation. The boundary element formulation is used to extract the stiffness
matrix of the plate supported on Winkler springs. The main advantage of the proposed
technique that it merge between the advantage of the boundary element method,
modeling plate using integral equation, and the simplicity of finite element method,
solving nonlinear equations iteratively in matrix form. One of the advantages of the
proposed technique is its practicality. In the formulation of Xiao [19] although solving
of thick plates on tensionless foundations, the results were not accurate near corners as
it will be shown in the examples of this paper. Also, this formulation is suitable to be
extended for solving plates on Winkler elastic-plastic foundations. Numerical examples
are presented to verify efficiency and practicality of the proposed technique.

2 BEM for Plate on Winkler Foundation

Formulation of direct boundary integral equation of the plate [6] based on Reissner
plate bending theory [2] is used. Consider a general plate domain X and boundary C
with internal Winkler cells as shown in Fig. 1. The indecial notation is used in this
paper where the Greek indexes vary from 1 to 2 and Roman indexes vary from 1 to 3.
The integral equation can be represented as follows:
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Where Tij(n,x), Uij(n,x) are the two-point fundamental solution kernels for tractions
and displacements respectively [3]. The two points n and x are the source and the field
points respectively. uj(x) and tj(x) denote the boundary generalized displacements and
tractions. Cij(n) is the jump term. The symbols m and k denote the plate Poison’s ratio
and shear factor. c denotes the number of internal Winkler cells that having domain X,
Fk denotes the Winkler cell two bending moments (F1 = Mxx, F2 = Myy) and column
vertical force (F3 = F). The field point y denotes the point of the internal Winkler cell
center.

After discretizing the boundary of the plate to NE quadratic elements each node has
three unknowns. Due to internal Winkler cells inside the domain additional three
unknowns are added, so another collocation scheme is carried out at each internal
Winkler cell center to add additional equations. The collocation scheme is carried out
as follows:

uiðY)þ
Z

CðxÞ

TijðY,x)ujðx) dC xð Þ¼
Z

CðxÞ

UijðY,x)tjðx) dC xð Þ

þ
X
c

Z
XðyÞ

UikðY,y)� m

ð1� mÞk2 Uia; aðY,y)d3k
� �

Fkðy) dXðy)
ð2Þ

Where Y is a new source point located at each cell center.
Equations (1) and (2) after discretization of plate boundary can be re-written in a

matrix form as follows:

A½ �3Nx3N A2½ �3Nx3Nc 0½ �3Nx3Nc
A1½ �3Ncx3N A3½ �3Ncx3Nc I½ �3Ncx3Nc

� � u=tf g3Nx1
Ff g3Ncx1
ucf g3Ncx1

2
4

3
5 ¼ 0f g3Nx1

RHSf g3Ncx1

� �
ð3Þ

Fig. 1. General plate for BEM formulation of the plate.
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Where [A]3N�3N, [A1]3Nc�3N, [A2]3N�3Nc, [A3]3Nc�3Nc and {RHS}3Nc�1 contains
the coefficients of the integrals presented in Eqs. (1) and (2). [0]3N�3Nc, [I]3Nc�3Nc are
the null and identity matrices respectively. The vector {u/t}3N�1 contains the unknown
boundary values displacement or traction, the vector {F}3Nc�1 contains the unknown
values of internal Winkler cell forces and {uc}3Nc�1 contains the unknown values of
internal Winkler cell displacement. The relation between {u3Nc�1 and{F}3Nc�1 can be
as follows:

Ff g3Nc�1¼ Kc½ �3Nc�3Nc ucf g3Nc�1 ð4Þ

Where Kc½ �3Nc�3Nc is the stiffness matrix of the internal Winkler cells.
In order to extract the stiffness matrix of the plate like FEM. Since the stiffness

matrix of the plate is independent on the loading, then neither the no domain load nor
the cells area loading is considered. As a result of this assumption the vector
{RHS}3Nc�1 will be zeros consequently, Eq. (3) can be re-written as follows:

A½ �3Nx3N A2½ �3Nx3Nc
A1½ �3Ncx3N A3½ �3Ncx3Nc

� �
u=tf g3Nx1
Fcf g3Ncx1

� �
¼ 0f g3Nx1

� ucf g3Ncx1

� �
ð5Þ

In order to get {Fc}3Ncx1 represents a certain case of the stiffness {uc}3Ncx1 is forced
to be unity. Cases of loading equal to the 3Nc are considered to extract the plate
stiffness matrix as follows:

A½ �3Nx3N A2½ �3Nx3Nc
A1½ �3Ncx3N A3½ �3Ncx3Nc

� �
u=tf g3Nx3Nc
Kp

� �
3Ncx3Nc

� �
¼ 0f g3Nx3Nc

� If g3Ncx3Nc

� �
ð6Þ

Where {Kp}3Ncx3Nc is the required plate stiffness matrix.
Winkler stiffness values of each cell are added as a diagonal matrix to the plate

stiffness matrix [Kp] to extract [K Overall]3Nc�3Nc the overall stiffness of the plate rested
on elastic foundation. Also condensed load vector of plate is computed {P plate} 3Nc �1.
The overall equilibrium equation can be written as follows:

KOverall½ �3Nc�3Nc� uplate
� �

3Nc�1¼ Pplate
� �

3Nc�1 ð7Þ

3 Proposed Iterative Procedure

In this section, simulation of soil as tensionless material is established using a new
iterative procedure to solve plate on tensionless foundation. Figure 2 demonstrates
flowchart of the iterative procedure. The system of equations in Eq. (7) is solved then
the internal forces of soil are computed. The internal forces of soil are used to get the
most tensile stressed cell. Elimination procedure is used to eliminate the most tensile
stressed cell DOF stiffness matrix to simulate the loss of contact between plate and soil.
The system of equations is resolved. This iterative procedure is used until reaching the
real contact zone i.e. no tensile stresses appear in the soil reactions. In order to optimize
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the solution the formulation is implemented into a computer code. It is worth to be
noted that this procedure is valid also in solving plates on elastic perfectly plastic soil
by applying a virtual load equal to the allowable compressive stress of the soil at the
eliminated cells DOFs.

4 Numerical Examples

Example 1: Simply supported beam on tensionless Winkler foundation.

Consider the simply supported beam having the width sides of the plate restrained by
one pinned element/side as shown in Fig. 3. The beam is subjected to concentrated
moments M = 100 along its edges as shown in Fig. 3, Poisson’s ratio of the plate
material is m = 0, foundation Winkler stiffness parameter K is 71.68.

Fig. 2. Flowchart for developed iterative procedure.
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The simply supported beam is modeled as thick plate with plate dimensions a = 10,
b = 1.0 and t = 0.4, the Young’s modulus is E = 106. The soil is modeled as Winkler
with 40 cells as shown in Fig. 4. It has to be noted that any unit system is possible.

The beam is solved by the proposed technique and results are compared to results
obtained from Silva et al. [12]. It can be seen from results that the proposed technique
of obtained the same contact length (x/a = 0.43) which was also obtained in [12]. In
addition, deflection along centerline of the beam (x-axis) and contact reaction are in a
good agreement with results of ref. [12] as shown in Figs. 5 and 6.

Fig. 3. Simply supported beam resting on Winkler foundation and subjected to concentrated
moments (M = 100) on its edges.

Fig. 4. Beam proposed technique model on Winkler foundation.

-3.00E-03 

-2.00E-03 

-1.00E-03 

0.00E+00 

1.00E-03 

2.00E-03 

3.00E-03 

4.00E-03 

0 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1

w
/a

 

x/a 

proposed technique 

silva et al.[12] 

Fig. 5. Deflection along the beam centerline in Example 1.
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Example 2: Free edge square plate on tensionless Winkler foundation.

This example consists of free edges square plate. The side of plate is a = 400 cm.
The Young’s modulus is E = 2.6x106 N/cm2, Poisson’s ratio of the plate material
is (m = 0.15). Different plate thicknesses (t) are employed 30,40,60,80,100 cm.
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Fig. 6. Contact reaction along the beam centerline in Example 1.

Fig. 7. Free edge square plate dimensions under patch load in Example 2.
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The foundation stiffness parameter K is 500 N/cm3. Plate is loaded by patch distributed
load q = 1000 N/cm2 over area of 20 cm � 20 cm at its center, as shown in Fig. 7.
The plate is modeled as thick plate rested onWinkler foundation as shown in Fig. 7 with
soil discretization as shown in Fig. 8.

Results are compared to results obtained in Xiao [14]. All models are solved with
different thicknesses (30, 40, 60, 80,100 cm). Table 1 demonstrates the contact regions
for different thicknesses of raft. Figures 9, 10, 11 and 12 demonstrate the deflection
along diagonal strip (indicated in Fig. 7) for different thicknesses of raft, Xiao [14]
results and FEM for both bilateral results (at left of graph) and unilateral results (at right
of graph) are plotted also on these figures for the sake of comparison.

It can be seen from results that proposed technique obtained the same contact area
that is obtained in [14] and in FEM. Deflection is in a good agreement with results of
Xiao [14] except at corners, at which some inaccurate results due to singularity
problems near boundary elements appear in the formulation of Xiao [14]. It can be seen
that the presented formulation results are in good agreement with results from FEM.
This demonstrates the advantages of the proposed technique over the formulation of
Xiao [14].

Fig. 8. Proposed technique model of Example 2.
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Table 1. Contact region for different thicknesses in Example 2.

t (cm) Proposed technique results FEM results

30

40

60

80

100
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Fig. 9. Deflection along the diagonal strip for plate thickness = 30 cm for all models.
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Fig. 10. Deflection along the diagonal strip for plate thickness = 40 cm for all models.
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Fig. 12. Deflection along the diagonal strip for plate thickness = 80 cm for all models.
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5 Conclusions

In this paper, solving plates on tensionless Winkler soil is presented using an efficient
technique. The plate stiffness matrix is extracted using boundary element formulation.
An iterative technique is used to eliminate the tensile stresses.

Several examples are presented and from results it can be concluded that the main
advantages of this technique is:

1. The simplicity of dealing with the nonlinearity nature of the problem.
2. Avoiding the stresses concentration zones appears in finite element solutions by

using the advantages of boundary element formulation.
3. Suitable to be extended to include solving plates on Winkler elastic-plastic

foundations.
4. Accurate results near corners unlike in the formulation of Xiao [14] as shown in the

examples of this paper.
5. Solving any geometry and any boundary conditions of the plate.
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Abstract. A new boundary element formulation (BEM) for the analysis of
thick plates on unilateral elastic half space (EHS) is presented. Plate stiffness
matrix is computed at degrees of freedom postulated at the interaction domain
zone of the elastic half space. Hence this stiffness matrix is added to the cor-
responding stiffness matrix of the elastic half space. A condensation process is
carried out in the elastic half space stiffness matrix to eliminate DOF with tensile
stresses. Initially the plate is solved under the total applied load. An iterative
process is performed to obtain the final contact zone. An example is presented to
demonstrate the validity of the proposed technique and the results are compared
to previously published results. The results of the present analysis are more
proven to be more accurate than those obtained from previously published
compared to finite element (FEM) results.

1 Introduction

The analysis of plates on nonlinear unilateral foundations is an important topic in
structural engineering and has several applications in practical structural and geotech-
nical engineering. Analysis and research tackling this topic are widely spreading. The
methods of analysis are developing to include the analysis of plates taking into account
the underneath soil with its realistic physical presentation as half space, in addition to
implementing the non-linear behavior. Since the soil is unable to carry any tensile stress,
these stresses lead to a separation between the soil and the raft. Hence determining the
contact region is a critical issue for the realistic modeling of the soil structure interaction
problem.

Due to the importance of the problem, extensive research work had been carried out
and published in the preceding decades. Moreover, different methods of analysis have
been developed as the analytical and the numerical methods. The numerical methods
had been highly attacked recently due to their higher potential solving complex
problems as the Finite Element Method (FEM) and the Boundary Element Method
(BEM). Concerning the FEM, Cheung and Zienkiewicz [1] obtained the FEM solution
for the analysis of foundation structures on an elastic half space. Wardle and Fraser [2]
extended the approach of Cheung and Zienkiewicz to include a multi-layered soil with
isotropic and cross-anisotropic properties. Svec and Gladwell [3] developed an
improved method for the analysis of a thin plastic plate on an elastic half space and
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Boussinesq’s equation was used. Silva et al. [4] presented a FEM solution for elastic
plates resting on Winkler and EHS foundations. Li and Dempsey [5] presented
unbonded contact of a square plate on elastic Winkler or EHS foundation. Sharma et al.
[6] used the finite element method for the analysis of rafts of any shape resting on an
elastic half space. The vertical deflection at the node due to the contact pressure applied
on the element was obtained by Boussinesq’s solution. On the other hand,
Sapountzakis and Katsikadelis [7] presented a boundary element solution for unilat-
erally supported plates resting on a homogenous or non-homogenous elastic Winkler
foundation. Hu and Hartley [8] extended the approach of analysis of unilaterally
supported plates to incorporate an elastic half space model which is based on the soil
modulus of elasticity into the analysis. Xiao [9] presented a solution for thick rect-
angular plate with free edges on unilateral Winkler and EHS foundation. These two
numerical methods are effectively powerful in the structural framework. However, it is
to be mentioned that the FEM – when compared to the BEM – is a computationally
time-demanding method of solution. In addition to the stress concentration that
emerges at the location of the concentrated point loads applied on joints that form some
sorts of singularities as will be demonstrated in the presented example.

Solving plates on tensionless foundation can be categorized into two main
approaches. The first approach is based on solving a system of non-linear equations and
via an algorithm coupled with an optimization technique. However, the second
approach is based on the solution using an iterative process which will be acquainted
with along this paper. The aim of this work is to establish a BEM formulation for the
analysis of plates on unilateral (tensionless) half space foundations using the second
approach iterative technique. The present paper relies on the general concept of the
BEM theory necessary for the extraction of the plate stiffness matrix and its load vector.
In addition, Mindlin’s equation [10] is used for attaining the stiffness matrix of the
EHS. Condensation method coupled with an iterative approach to attend the real
contact zone. Proposed technique has the main advantage of the BEM in modeling the
raft, in addition to solving system of equations adequate with iterative procedure. The
presented example demonstrated the advantages of the proposed technique compared to
previously published papers and FEM results.

2 Bem Formulation for Plate on Elastic Foundation

2.1 Plate Stiffness Matrix

The direct boundary integral equation of plate is presented according to Reissner plate
bending theory [11]. Consider an arbitrary plate domain X and boundary C with
internal supporting cells as shown in Fig. 1.
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The integral equation can be presented as follows:

Cij ðnÞ ujðnÞþ
Z

CðxÞ

Tijðn; xÞ ujðxÞdCðx) =
Z

CðxÞ

Uijðn;xÞ tjðxÞdCðxÞ

þ
Z

C xð Þ

½Vi;n n; xð Þ � m

1� mð Þk2 Ui a n; xð Þ�qdC xð Þ
ð1Þ

Where Tij(n,x), Uij(n,x) are the two-point fundamental solution kernels for tractions
and displacements respectively. The two points n and x are the source and the field
points respectively. uj(x) and tj(x) denote the boundary generalized displacements and
tractions. Cij(n) is the jump term and the kernel Vi(n,x) is a suitable particular solution
to represent domain loading. The symbols m and k denote the plate Poisson’s ratio and
shear factor. q denotes the intensity of domain loading.

Due to the presence of internal cells, the integral equation will be extended with the
additive term of the internal cells.

Cij nð Þuj nð Þþ
Z

C xð Þ

Tij n; xð Þ uj xð ÞdC xð Þ ¼
Z

C xð Þ

Uij n; xð Þtj xð ÞdC xð Þ

þ
Z

C xð Þ

½Vi;n n; xð Þ � m

1� mð Þk2 Uia n; xð Þ�qdC xð Þ

þ
X
Nc

Z
X yð Þ

½Uik n; yð Þ � m

1� mð Þk2 Ui a;a n; yð Þd3kFk yð ÞdX yð Þ

ð2Þ

Nc denotes the number of internal supporting cells that having domain Xc, Fk
denotes the supporting cell two bending moments (F1 = Mxx, F2 = Myy) and column
vertical force (F3 = F). The field point y denotes the point of the internal supporting
cell center.
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Fig. 1. Arbitrary plate for the BEM formulation.
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When solving the previous equation, additional unknowns will emerge due to the
presence of the internal supporting cells. In order to solve the equation with the number
of unknowns greater than the number of equations, a collocation scheme is carried out
at each internal supporting cell to attain the fact that the number of equations balances
the number of unknowns. The collocation scheme is carried out as follows:

ui Yð Þþ
Z

C xð Þ

Tij Y; xð Þ uj xð ÞdC xð Þ ¼
Z

C xð Þ

Uij Y; xð Þtj xð ÞdC xð Þ

þ
Z

C xð Þ

½Vi;n Y; xð Þ � m

1� mð Þk2 Ui a Y; xð Þ�qdC xð Þ

þ
X
Nc

Z
X yð Þ

½Uik Y; yð Þ � m

1� mð Þk2 Ui a;a Y; yð Þd3kFk yð ÞdX yð Þ

ð3Þ

Where Y is a new source point located at each cell center.
Using Eqs. (2) and (3) the matrix conducted from the previous equation will be as

follows:

A½ �3N�3N A2½ �3N�3Nc 0½ �3N�3Nc
A1½ �3Nc�3N A3½ �3Nc�3Nc I½ �3Nc�3Nc

� � u=tf g3N�1
Fcf g3Nc�1
ucf g3Nc�1

8<
:

9=
; ¼ RHS1f g3N�1

RHS2f g3Nc�1

� �
ð4Þ

Where [A1]3Nc�3N, [A3]3Nc�3Nc, and {RHS2}3Nc�1 contains the coefficients of the
integrals presented in Eq. (3). [0]3N�3Nc, [I]3Nc�3Nc are the null and identity matrices
respectively. The vector {uc}3Nc�1 contains the unknown values of internal supporting
cell displacement.

The relation between {uc}3Nc�1 and {Fc}3Nc�1 can be as follows:

Fcf g3Nc�1¼ Kc½ �3Nc�3Nc ucf g3Nc�1 ð5Þ

Where [Kc]3Nc�3Nc is the stiffness matrix of internal supporting cells.
It is now of priority to get stiffness matrix of the plate from the previous matrix

equation. This will be carried out by neglecting the domain load since the stiffness of
the plate is fully independent on the load it carries. In addition to forcing the {uc} to be
equals to one. The plate stiffness matrix as follows:

A½ �3N�3N A2½ �3N�3Nc
A1½ �3Nc�3N A3½ �3Nc�3Nc

� �
u=tf g3N�3Nc
Kp
� �

3Nc�3Nc

� �
¼ 0f g3N�3Nc

� If g3Nc�3Nc

� �
ð6Þ

Where {Kp}3Ncx3Nc is the required plate stiffness matrix.
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2.2 Foundation Stiffness Matrix

The soil is modeled as elastic half space (EHS) [12]. EHS boundary surface is dis-
cretized into a number of cells Ncb corresponding to degrees of freedom postulated at
the interaction domain zone with the plate as shown in Fig. 2.

The flexibility matrix of the EHS is computed at center of each cell using Mindlin’s
[10] equation.

w i; ið Þ ¼ P
8pG 1� mð ÞB ½ 3� 4mð Þ b ln

1þ
ffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ b2

p
b

 !
þ ln bþ

ffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ b2

q	 
 !

þ 5� 12m� 8m2
� �

b ln
1þ

ffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ b2

p
b

 !
þ ln bþ

ffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ b2

q	 
 !
�

ð7Þ

Where w(i,j) is the deflection at point j due to load P at point i. ʋ is the Poisson’s
ratio of the soil. G is the shear modulus of the soil and r is the distance between point i
and j. B is the width of the cell and b is the ratio between width and length of the cell
B/L. using Eq. 7 the flexibility matrix [FSoil] of the half space is calculated. Stiffness
matrix of EHS is the inverse of computed flexibility matrix.
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Soil 
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Fig. 2. Elastic half space presentation model.
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2.3 Coupling Between the Plate and the Foundation

This stiffness matrix is added to the corresponding stiffness matrix of the elastic half
space. In order to couple between plate and foundation stiffness’s, the rotational
degrees of freedom of the plate are condensed to produce plate stiffness matrix
[KPlate]Nc � Nc. Assembly technique is used to couple between condensed plate stiffness
matrix and underneath EHS stiffness matrix as follows:

KOverall½ �Nc�Nc¼ KPlate½ �Nc�Nc þ KSoil½ �Nc�Nc ð8Þ

Where [KOverall]Nc�Nc is the overall stiffness of the plate rested on elastic foun-
dation. [KSoil]Ncb�Ncb is the soil stiffness matrix.

In addition condensed load vector of plate is computed {Pplate}Nc�1. The overall
equilibrium equation can be written as follows:

KOverall½ �Nc�Nc� uplate
� �

Nc�1¼ Pplate
� �

Nc�1 ð9Þ

3 Proposed Technique

The present study carries this work forward by providing a technique of solving plates
resting on EHS foundations using the iterative approach. Equation 9 is coupled with an
iterative process of elimination of the tensile stresses emerging as shown in Fig. 3 until
reaching the final contact zone (No tensile stresses emerge). A computer code is carried
out to achieve the optimum solution.

Do while Max Tension > Accuracy

Fig. 3. Proposed technique process.
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4 Examples

4.1 Free Edge Square Plate on Tensionless Half Space

Consider a square free edges plate resting on elastic half space. The plate is subjected to
a concentrated load P = 1000 N at its center as shown in Fig. 4. The side of plate is
a = 100 cm, the Young’s modulus is E = 2.0x106 N/cm2 and the Poisson’s ratio of the
plate material is m = 0.3. the Plate thickness is 2 cm. The soil modulus is Es = 3000
N/cm2 and its Poisson’s ratio is ms = 0.4. The same example was carried out modifying
the soil modulus is Es = 8600 N/cm2 and different plate thicknesses (t) are employed 2,
4, 6, 8,10 cm. Figure 5 shows the BEM discretization model.

Fig. 4. Free edge square plate dimensions under patch load in example 1.

Fig. 5. BEM model discretization in example 1.
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The results of the proposed technique are compared to the results obtained by Xiao
[8] for both Young’s modulus. Figures 7 and 8 demonstrate the deflection and soil
pressure along diagonal strip (indicated in Fig. 6) respectively for the Es = 3000
N/cm2, bilateral and unilateral results are plotted also on these Figures for the sake of
comparison. In order to not accurate results near corners in deflection results, FEM
model is carried out. The deflection is in a good agreement with results of Xiao [9]
except at corners, at which some inaccurate results due to singularity problems near
boundary elements appear in the formulation of Xiao [9]. It can be seen that the
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Fig. 6. Diagonal strip presentation for example 1.
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Fig. 7. Deflection along the diagonal strip for plate thickness = 2 cm.
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presented formulation results are in good agreement with results from FEM. Figure 9
demonstrate comparison of deflection along the same diagonal strip of the proposed
technique with Xiao [9] results for different plate thicknesses with Es = 8600 N/cm2.
Figure 10 demonstrate the contact zones, for the different thicknesses, for both the
proposed technique and Xiao [9].
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Fig. 8. Contact pressure along the diagonal strip for plate thickness = 2 cm.
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Xiao contact zone

Proposed technique contact zone

Fig. 10. Unilateral – Contact zone for different models with thicknesses (2,4,6,8 cm).
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It can be seen from results that proposed technique obtained the same contact area
of Xiao [9]. This demonstrates the advantages of the proposed technique over the
formulation of Xiao [9]. It is to be mentioned that the contact zone for the different
thicknesses case was almost similar.

5 Conclusion

This precedent work presented the advantages of the proposed technique for analysis of
plates resting on unilateral half space foundations. And the example presented showed
the credibility of the proposed BEM coupled with the iterative condensation procedure.
This formulation can deal with any geometry or any boundary condition of the plate.
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Abstract. Deep cement mixing (DCM) columns are commonly employed as
the most effective ground improvement approach in support of the road and
railway embankments constructed over soft soils with low bearing capacity,
insufficient shear strength and high compressibility. Finite element modeling is
widely adopted to examine the performance of the road, railway and highway
embankments during construction, post-construction as well as serviceability
periods. Nevertheless, very limited studies have been conducted on the fibre
reinforced load transfer platform (FRLTP) and DCM columns supported high-
way embankments constructed over soft clays. This paper presents a numerical
investigation based on fine element method (FEM) to investigate the influence
of fibre inclusion in the load transfer platform and DCM columns supported
embankment on the stress transfer mechanism, overall and differential settle-
ments, surface settlement versus horizontal distance from the centreline of
embankment, settlement with depth, and variations of excess pore water pres-
sure, which have been analysed and discussed in detail. The findings of this
numerical analysis indicate that the FRLTP and DCM columns supported
embankments can effectively alleviate the total settlement, excess pore water
pressure and intensity of embankment load transfer to soft foundation soil, while
considerably enhance the rigidity, stability and load transfer mechanism from
the embankment to soil-cement columns.

1 Introduction

Many countries are experiencing a remarkable increase in development of essential
infrastructure including roads and rail networks. Embankment construction is one of
the most common methods used to provide better ground support for roads and rail-
ways. However, due to lack of readily available stiff foundation soils for such transport
infrastructure projects, many embankments have to be founded on soft ground. This
practice is highly risky because soft ground has low bearing capacity, insufficient shear
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strength and high compressibility. Therefore, in order to ensure the stability of
embankment during construction process and long term services, appropriate ground
improvement techniques are needed to be adopted in enhancing the engineering
properties of soft soil or even in order to transfer embankment and traffic loads to a
deeper and stiffer soil stratum.

A growing number of ground improvement approaches have been applied to
improve soft soil properties to support embankment construction such as preloading
with vertical drain application (Azari et al. 2016; Parsa-Pajouh et al. 2015; Liu and
Rowe 2015), excavating the existing soft ground and substituting it with high shear
strength and bearing capacity backfill soil, reducing embankment load by using
lightweight fill material, constructing in stages and leaving time for consolidation,
improving soft ground underneath embankment by chemical treatment (Dang et al.
2016a; Dang et al. 2015; Fatahi and Khabbaz 2013a), stone columns (Fatahi et al.
2012a) and geosynthetic-reinforced and pile supported earth platform (Dang et al.
2016b, c; Fatahi et al. 2012b; Fatahi et al. 2013; Han and Gabr 2002; Liu et al. 2007).
On the top of those, the ground improvement technique using deep cement mixing
columns has been widely used in construction practice because it provides an eco-
nomical and fast ground improvement solution for the construction of road and
highway embankment over soft soil (Chai et al. 2015; Jamsawang et al. 2016; Nguyen
et al. 2014; Yapage et al. 2014, 2015; Fatahi and Khabbaz 2013b; Oliveira et al. 2011).
In order to improve the soft soil characteristics such as bearing capacity, shear strength
and compressibility, in wet mixing method, slurry cement is mixed with soft ground at
a certainly designated water/cement ratio during the DCM columns construction pro-
cess, while dry cement is mixed with in-situ soils to establish artificial DCM columns
in dry mixing method.

Numerical modeling based on finite element method has been used as an effective
tool in predicting the performance of DCM columns supported embankments founded
on soft ground in terms of total and differential settlement, horizontal movement, rate of
settlement, slope stability and degree of consolidation over a long period of time. The
finite element numerical modeling can reasonably simulate the load transfer mechanism
between DCM columns and foundation soil, the generation and dissipation of excess
pore water pressure, consequently predict the total settlement, lateral displacement,
bending moment of DCM columns with depth under the embankment using
three-dimensional finite element model or even with an equivalent two-dimensional
(2D) plane strain model (Chai et al. 2015; Tan et al. 2008; Yapage et al. 2014).
Nevertheless, most of numerical investigations have been performed to investigate the
behaviour of embankments over DCM columns (Chai et al. 2015; Jamsawang et al.
2016; Okyay and Dias 2010), the influence of georid reinforced embankments over
piles/columns (Han and Gabr 2002; Liu et al. 2007; Yapage et al. 2014). Having not
very much attention has been paid to the behaviour of load transfer platform
(LTP) reinforced with lime-fibre-soil as a replacement of geosynthetics and DCM
columns supported highway embankments constructed on soft ground.

This study presents a numerical analysis using a 2D finite element model with
proper modified parameters to investigate the performance of DCM columns supported
embankment with and without FRLTP placed over soft clays. Comparisons are
undertaken to examine the effect of FRLTP on the embankment supported by DCM

158 L.C. Dang et al.



columns in terms of vertical deformation, variation of excess pore water pressure, total
settlement with depth and horizontal distance from the centre of the embankment. The
development of vertical effective stress and stress concentration ratio between DCM
columns and foundation soil are also analysed and discussed in detail.

2 Case Study

A hypothetical construction of natural fibre-reinforced load transfer platform (FRLTP)
and deep cement mixing (DCM) columns supported highway embankment over soft
clay is considered for this numerical simulation. The embankment geometry is shown
in Fig. 1 representing the only right half of the domain of the embankment since the
embankment is symmetrical along its centreline. As can be seen in this figure, the
embankment is 20 m wide and 4 m high with a 1 V:2H side slope. The embankment is
made of sandy soil with a cohesion of 1 kPa, a friction angle of 30°, and an average unit
weight of 20 kN/m3. It is constructed on a 3 m thick fill material overlaying an 11 m
thick deposit of soft clay. This deposit soft clay overlies a 9 m thick medium stiff clay
stratum followed by a 5 m thick stiff clay layer. The ground-water table is located at a
depth of 1.5 m below the ground surface. Details of these soil layers are summarised in
Table 1. A coir fibre-lime-soil layer having an effective cohesion and friction angle of
75 kPa and 42°, respectively, an average unit weight of 12.5 kN/m3, a Poisson’s ratio
of 0.32, a Young’s modulus of 125.8 MPa, and tensile strength of 240 kPa as reported
by Anggraini et al. (2015) is employed to reinforce load transfer platform of 0.5 m that
is placed on the top of DCM columns.

1
2Hemb= 4m

Fill material

Soft clay

Medium stiff clay

Stiff clay

8m 60m12m

Centerline

0.0

-3.0

-14.0

-23.0

-28.0

Embankment fill

-1.5GWT

DCM columns φ0.6m @1.5m
Square pattern

0.5m

3m

11m

9m

5m

Fibre-LTP

Piezometer (-15m)

Fig. 1. Cross section of the fibre reinforced load transfer platform and DCM columns supported
embankment
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Deep cement mixing columns of 0.6 m diameter and 14 m length are assumed to
extend to the medium stiff clay, which is stronger than the upper soft clay stratum. In
this case, the DCM columns are considered as fixed type or end bearing columns
supported embankment. The DCM columns are arranged in square grid pattern with
1.5 m centre to centre spacing, which results in an area replacement ratio of approx-
imately 12.5% corresponding to these aforementioned geometric properties. An addi-
tional tangential DCM column is added at the embankment toe to increase the rigidity,
while facilitating the better resistance to lateral movement of foundation soft soil. It is
assumed that the DCM columns are modeled as a linear elastic-perfectly plastic
material using Mohr-Coulomb model with an average unit weight of 15 kN/m3, a
Poisson’s ratio of 0.33, a Young’s modulus of 80 MPa, an undrained shear strength of
su = 450 kPa, and tensile strength of 130 kPa.

The construction sequence of the embankment is assumed to be conducted in 8 lifts
of 0.5 m increment including the placement of FRLTP. Each lift of embankment height
increments is assumed to be completed in 30 days and followed by another 30 days
waiting period of consolidation to dissipate the excess pore water pressure induced as a
result of the increase in embankment height. At the completion of embankment

Table 1. Material properties of the embankment and subgrade soil layers

Parameters Fill
material

Soft clay Medium
stiff clay

Stiff clay Fibre-lime-soil Embankment
fill

DCM
columns

Depth (m) 0–3 3–14 14–23 23–28 –
−

–

Material model MCa SSa SS HSa MC MC MC
Unit weight
c (kN/m3)

20 14 16 20 12.5 20 15

Young’s modulus,
E (MPa)

30 – – – 125.8 20 80

Poisson’s ratio, m 0.33 0.35 0.15 0.2 0.32 0.33 0.33
Effective cohesion, c’
(kPa)

1 1 10 18 75 1 cu = 450

Effective friction angle,
u’ (°)

32 23 25 25 42 30 0

compression index, k – 0.18 0.12 – – – –

Swelling index, j – 0.04 0.06 – – – –

Secant stiffness,
Eref
50 (MPa)

– – – 50 – – –

Tangential stiffness,
Eref
oed (MPa)

– – – 50 – – –

Unloading and
reloading stiffness,
Eref
ur (MPa)

– – – 150 – – –

Power for stress-level
dependency of
stiffness, m

– – – 1 – – –

Over consolidation
ratio, OCR

– 1.5 2 2.5 – – –

Permeability coefficient,
k (m/day)

– 5 � 10−4 2.5 � 10−4 2.5 � 10−4 – – 5 � 10−4

Material behaviour Drained Undrained Undrained Undrained Undrained Drained Undrained
type B

aMC: Mohr-Coulomb; SS: Soft Soil; HS: Hardening Soil
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construction, the consolidation is left for 2 years. Table 2 exhibits the simulated
construction sequence of the highway embankment has been adopted in this numerical
analysis.

3 Numerical Modeling

3.1 Finite Element Models and Parameters

A two-dimensional plane strain model was built using commercial finite element
software PLAXIS 2D version 2015 adopting the equivalent 2D numerical analysis
method proposed by previous researchers (Chai et al. 2015; Tan et al. 2008; Yapage
et al. 2014) to simulate the performance of the natural fibre reinforced LTP and DCM
columns supported highway embankment. The equivalent 2D model was selected
because of less analysis time consuming, while generating results with reasonable
accuracy. The DCM columns were simulated by continuous plane strain walls of
0.19 m thickness for the entire columns length of 14 m to maintain the same area of
replacement ratio, taking into account of the equivalent either normal stiffness (EA) and
bending rigidity (EI), while the centre to centre spacing between two adjacent walls in
this numerical simulation was remained the same as the 1.5 m centre to centre spacing
between two adjacent DCM columns.

With regard to the constitutive modeling, the DCM columns, as mentioned previ-
ously, were modeled as a linear elastic-perfectly plastic material using Mohr-Coulomb
(MC) model (Huang and Han 2010; Liu and Rowe 2015; Jamsawang et al. 2016) with
an average unit weight of 15 kN/m3, a Poisson’s ratio of 0.33, a Young’s modulus of
80 MPa, an undrained shear strength of su = 450 kPa, and tensile strength of 130 kPa.

Table 2. Construction stages in the FEM simulation of construction procedure

Stage Description Thickness (m) Duration (days)

1 Generation on the initial stresses (Ko- condition) – –

2 Installation of the DCM columns – –

3 Construction of a 0.5 m high embankment 0.5 10
3 Construction of a 1.0 m high embankment 0.5 45
4 Construction of a 1.5 m high embankment 0.5 50
5 Construction of a 2.0 m high embankment 0.5 30
6 Consolidation period of 30 days – 30
7 Construction of a 2.5 m high embankment 0.5 30
8 Consolidation period of 30 days – 30
9 Construction of a 3.0 m high embankment 0.5 30
10 Consolidation period of 30 days – 30
11 Construction of a 3.5 m high embankment 0.5 30
12 Consolidation period of 30 days – 30
13 Construction of a 4.0 m high embankment 0.5 30
14 Consolidation period of 2 years – 730
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Similarly, the fibre-lime reinforced load transfer platform, embankment and fill material
were simulated using a linear elastic-perfectly plastic model with Mohr-Coulomb failure
criterion. The Mohr-Coulomb material model requires Young’s modulus (E), Poisson’s
ratio (m), effective cohesion (c′), angle of internal friction (u′), and dilation angle (w).
Subsequently, the soft soil and medium soft soil strata were represented by soft soil
(SS) model. The required parameters for the SS model include compression index (k),
swelling index (j), permeability coefficient (k), Young’s modulus (E), Poisson’s ratio
(m), and shear strength properties (c′,u′,w). It is assumed that the permeability coefficient
of DCM columns was the same as surrounding soil. Finally, the hardening soil (HS) was
adopted to model the stiff clay layer, which requires the input parameters consisting of

secant stiffness Eref
50

� �
and unloading and reloading stiffness Eref

ur

� �
derived from con-

ventional triaxial tests, tangential stiffness Eref
oed

� �
obtained from primary loading of

one-dimensional consolidation tests, power for stress-level dependency of stiffness (m),
permeability coefficient (k), and shear strength properties (c′,u′, w). Assuming all
subgrade foundation soils is isotropic, so the horizontal and vertical permeability of the
subgrade soils are equal. A summary of the constitutive model parameters is presented
in Table 1.

Referring to Fig. 2, only right half of the embankment is represented in this
numerical simulation since the embankment is symmetrical along its centreline. The
foundation soil was taken to 28 m depth from the ground surface overlying a stiff clay
stratum. The horizontal length of the FEM model was taken to be 80 m, which was
almost three times the half width of the embankment base, in order to minimize the
boundary effect. All these boundaries were considered to be impermeable, and pore
fluid flow was permitted only from the surface.

Fill material

Soft clay

Medium stiff clay

Stiff clay

80m

Centerline

Embankment

Undrained

U
nd

ra
in
ed

Drained

28
m

U
nd

ra
in
ed

Fig. 2. Mesh and boundary conditions for a 2D FEM analysis of embankment
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In this analysis, for the 2D plane strain FEM model, the horizontal displacement at
the left and right boundaries was not permitted but vertical movement was allowed,
whereas both the vertical and horizontal displacements were prevented at the bottom
boundary. On one hand, due to the relatively high permeability, the embankment and
fill material were assumed to behave in a drained condition. On the other hand, natural
fibre reinforced load transfer platform, DCM columns, and other four foundation soils
were assumed to act as undrained material. In this numerical analysis, fifteen-node
triangular elements with excess pore water pressure degrees of freedom at all nodes
were adopted to simulate the foundation soils, DCM columns and FRLTP, while fifteen
nodes triangular elements without excess pore water pressure degrees of freedom at all
nodes were applied to model the embankment and fill material.

3.2 Model Validation

A case study of DCM columns supported highway embankment reported by
Jamsawang et al. (2016) was used to validate the proposed modeling approach
employed in this numerical investigation. Jamsawang et al. (2016) reported the field
measurement of settlement and excess pore water pressure as well as the predicted 3D
modeling results for the investigated highway embankment. The detailed simulation
procedure for the embankment analysis can be found in Jamsawang et al. (2016). In
this numerical simulation, a comparison was undertaken between this current predic-
tion results and those measured and predicted results of Jamsawang et al. (2016) on the
base of the settlement at the centreline of the embankment base and the excess pore
water pressure over time at a depth of 15 m from the embankment base, which was
very closed to the DCM column tips. Figure 3(a) indicates the variation of settlement
with time archived from this equivalent 2D finite element modeling is compared with
the measured and predicted settlements reported by Jamsawang et al. (2016). It can be
clearly observed that this proposed modeling agrees fairly well with those predicted
and measured settlements of Jamsawang et al. (2016). Moreover, the excess pore water
pressure with elapsed time obtained from this prediction as presented in Fig. 3(b)
exhibits good agreement with the 3D modeling results of pore water pressure predicted
by Jamsawang et al. (2016). Overall, the predicted results of this numerical analysis
indicates that the equivalent 2D FEM model proposed in this study is suitable for
simulating the DCM columns supported highway embankment over soft clay.

4 Analysis of Results and Discussion

4.1 Variation of Settlement and Excess Pore Water Pressure

Figure 4(a) and 4(b) display the development of the surface settlement between two
adjacent DCM columns and the variation of excess pore water pressure at a depth of
15 m from the embankment base between two adjacent DCM columns supported
embankment without and with fibre reinforced LTP, respectively. It can be seen from
Fig. 4(a) that the surface settlement of the highway embankment over time increased
significantly during the first period of 375 days due to the increase of embankment
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height and then followed by the gradual increase in the surface settlement up to two
years after the completion of the embankments owing to the evolution of consolidation
with elapsed time. However, the surface settlement at the centre of the DCM columns
supported embankment with FRLTP was obviously smaller than that of the embank-
ment without LTP, which can be clearly observed throughout the investigated duration.
The maximum settlement at two years after the end of embankment construction for the
FRLTP and DCM columns supported embankments was about 420 mm, which was
relative smaller in compared with the 450 mm settlement of the DCM columns sup-
ported embankment without LTP. In addition, the smaller amount of excess pore water
pressure generated by the embankment load versus time as presented in Fig. 4(b) is
strongly supported for the smaller settlement of the DCM columns supported highway
embankment with fibre reinforced LTP. The reduced settlement and excess pore water
pressure on the FRLTP and DCM columns supported embankment could be attributed
to the inclusion of FRLTP facilitating the effective improvement of load transfer
mechanism between DCM columns and foundation soft soil as well as improving the
arching effect with the increases in embankment height.

Fig. 3. Comparison between field measurement and 2D numerical prediction: (a) Settlement
with time; (b) Excess pore water pressure with time

Fig. 4. Development of settlement and excess pore water pressure with time: (a) settlement;
(b) excess pore water pressure
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4.2 Load Transfer Mechanism Between Columns and Foundation Soil

Figure 5(a) and 5(b) reveal the development of the increase in embankment load
induced vertical effective stress on the DCM column head at the centre of the highway
embankment and stress concentration ratio (SCR) with time, respectively. It can be
noted that the SCR is defined as the ratio of vertical effective stress on the DCM
columns head to vertical effective stress applied on foundation soil between two
adjacent DCM columns. By referring to SCR, the quantity of embankment load transfer
to the DCM columns can be estimated. As can be seen from Fig. 5(a), the application
of fibre reinforced LTP and DCM columns supported embankment resulted in the
remarkable increase in the vertical effective stress induced by the embankment load on
the DCM column head in comparison with that of the DCM columns supported
embankment without LTP. The increase in the vertical effective stress on the DCM
column head supported embankment with FRLTP was more noticeable with the higher
increase in the embankment height and remained almost constant during the two year
consolidation period after the completion of the embankment construction. The
increased amount of vertical effective stress on columns head for the DCM
column-embankment with FRLTP was approximately 25% greater than that of the
DCM column-embankment without LTP. The similar trend can be observed in Fig. 5
(b) for the evolution of stress concentration ratio versus elapsed time. To be more
specific, the DCM columns supported embankment with FRLTP yielded a considerably
greater SCR value than the DCM column-embankment without LTP. For example, the
SCR value of the DCM columns supported embankment with FRLTP was roughly
3.70 at the end of embankment construction compared to the SCR of 2.45 for the DCM
column-embankment without LTP. The SCR improvement of the DCM columns
supported embankment with FRLTP was considered as a direct consequence of the
reduction of embankment load transfer to the subgrade foundation soft clay.

Fig. 5. Development of vertical effective stress on the top of DCM columns and stress
concentration ratio with time: (a) vertical effective stress; (b) stress concentration ratio
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4.3 Foundation Surface Settlement Distance from Centreline

The effect of the natural fibre reinforced LTP on the total settlement of foundation
surface obtained at depth of 0.05 m with regard to horizontal distance from the cen-
treline of the DCM columns supported embankment at the two years consolidation
since the completion of embankment construction is illustrated in Fig. 6 for further
comparison. It can be obviously seen that the larger settlement was observed for the
DCM columns supported embankment without LTP in the range of embankment
width, which demonstrates that the FRLTP and DCM column system can alleviate the
total settlement of foundation surface effectively; whereas the total surface settlement of
the DCM column-embankment without and with FRLTP was almost the same beyond
the embankment base. Moreover, the upward displacement (heave) was also observed
away from the embankment width. The maximum heave was obtained at approxi-
mately 26 m distance from the centreline of the embankment as a consequence of the
uneven stress distribution of subgrade foundation soils.

4.4 Development of Settlement Versus Depth

Figure 7 exhibits the fluctuation of the total foundation settlement with different depth
and embankment height under the centreline of the investigated embankment at two
years post-construction. Generally, the total settlement of foundation soil surface
increased between 200 mm and 450 mm with the increase in embankment height
ranging from 2 m to 4 m, while linearly decreased with depth downward to a certain
level of 23 m and then followed by the significant drop of the total settlement to almost
zero ranging from 23 m to 28 m depth. However, the total settlement of foundation soil
with depth was more pronounced and larger for the DCM columns supported
embankment without LTP, observed in any given embankment heights, which

Fig. 6. Variation of surface settlement versus horizontal distance from centerline
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indicates the effectiveness of the FRLTP and DCM columns supported embankment in
improving the total settlement of foundation soil underneath the investigated
embankment. The better improvement in the vertical deformation of the foundation
soils could be due to the inclusion of FRLTP into the DCM column-embankment
system, which enhanced the stiffness and arching effect of the entire embankment that
facilitated the embankment load transfer to stronger, stiffer clay below.

5 Conclusions

In this numerical investigation, the simulation of fibre reinforced load transfer platform
and deep cement mixing columns supported embankment was conducted using an
equivalent 2D plane strain FEM model to examine the behaviour of the embankment
without and with fibre reinforced load transfer platform (FRLTP). Generally, the
application of natural fibre-lime reinforced load transfer platform assists the higher
embankment load transfer to DCM columns, while minimises the embankment load
transfer to foundation soil between two adjacent DCM columns, consequently miti-
gates the generation of excess pore water pressure in the soft soil stratum. As a result,
the utilisation of fibre reinforced LTP and DCM columns supported embankment
prevents the total and differential settlements of the embankment effectively in com-
parison with the DCM column-embankment without LTP. More importantly, this
numerical investigation explores an interesting potential for making use of agricultural
and industrial waste by-products such as coconut coir fibre, bagasse fibre and jute fibre
as construction fill materials for sustainable development in the area of infrastructure
foundations.

Fig. 7. Development of settlement with depth and embankment heights, H = 2, 3 & 4 m
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