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Preface

The Tenth Structural Engineering Convention 2016 (SEC 2016) was organized by
CSIR-Structural Engineering Research Centre jointly with IIT Madras and Anna
University, Chennai, during 21–23 December 2016 at CSIR-SERC, Chennai, India.
SEC 2016 provided a common platform for professional structural engineers,
academicians and researchers in the broad fields of engineering mechanics and
structural engineering to exchange ideas for enriching the research and development
activities in the area of structural engineering.

The papers contributed in this convention are a reflection of the diverse research
activities in this area and represent the recent developments and futuristic trends in
the fundamental understanding of behaviour of materials and structures, compu-
tational structural mechanics, health monitoring, mitigation strategies against nat-
ural hazards, performance- and durability-based design methodologies, repair and
retrofit methods, and technologies for sustainable development. More than four
hundred delegates from research organizations, academia and industry participated
and presented their papers, making this conference a real great success. All the
papers presented are double-blind peer-reviewed. This lecture series in Civil
Engineering with the theme of Recent Advances in Structural Engineering is
brought out in two volumes and contains the select papers presented in SEC 2016.
This volume (Volume 2) contains 71 contributions in the following parts:

Part 1: Structural Dynamics—Wind, Impact and Earthquake Loads
Part 2: Vibration Control and Smart Structures
Part 3: Condition Assessment and Performance Evaluation
Part 4: Repair, Rehabilitation and Retrofit of Structures
Part 5: Composite Materials and Structures
Part 6: Structures for Non-conventional Energy (Wind and Solar)

We believe that the collection of papers included in this volume will contribute to
scientific developments in the field of structural engineering in a global sense and
will be a useful reference work for the academicians, researchers and also most
importantly the student community pursuing research in the area of structural
engineering.
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The success of the conference, SEC 2016, was due to the collective efforts of a
large number of individuals, members of the various organizing committees and
sponsors. We should take this opportunity to thank all of them for making SEC
2016 a great success. We would like to especially thank all the reviewers, the
majority of them from CSIR-SERC who have spent their quality time for reviewing
more than five hundred papers received.

Chennai, India A. Rama Mohan Rao
K. Ramanjaneyulu
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Sloshing in Liquid Storage Tanks
with Internal Obstructions

M. Z. Kangda, S. S. Sawant and O. R. Jaiswal

Abstract In the present paper, the effect of a centrally placed circular obstruction
on sloshing frequency and sloshing mass is studied for annular tanks. Finite element
approach (ANSYS software) is used to model the liquid. For circular tanks without
obstruction, sloshing frequency and sloshing mass at first three modes are obtained
using finite element analysis which compare well with the available analytical
results. Next, a rigid circular obstruction at the center of tank is modeled and
sloshing frequency and modal mass in the first three modes are obtained. It is
observed that with the increase in the diameter of the circular obstruction, the
sloshing frequency and the percentage of liquid in sloshing mode decrease in first
mode. The behavior of these sloshing parameters in higher modes is also discussed.
A detailed study over wide range of circular tank geometries is performed. Charts
for obtaining sloshing parameters for various tank geometries are plotted.

Keywords Circular tanks � Hydrodynamic pressure � Internal obstruction
Sloshing frequency

1 Introduction

In the post-earthquake period, uninterrupted functionality of liquid storage tanks is
required for water supply and for controlling fire, if any. Further, any damage or
leakage to tanks storing toxic chemicals may lead to hazardous consequences.
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Hence, seismic safety of liquid storage tanks, which are lifeline structures, is very
important. During seismic ground shaking, liquid inside the tank undergoes
sloshing and this exerts hydrodynamic pressure on container walls. Therefore, one
needs to perform proper dynamic analysis of tank-fluid system. Sloshing of liquid
depends on various parameters like geometry of container, flexibility of tank wall,
obstructions inside.

The sloshing phenomenon has been extensively studied in the past. Housner [1]
obtained classical solutions for impulsive and convective parameters of
ground-supported rectangular and circular tanks (under horizontal accelerations).
The work was further extended to analyze elevated water tanks [2]. The tanks walls
are considered rigid. Veletsos and Yang [3] considered the effect of flexibility of
cylindrical tanks. Later, parameters like soil–structure interaction, vertical ground
shaking component, roof mass, nonuniform wall thickness, and damping of tank
foundation system were also considered [4]. A few studies also conducted exper-
imental tests to evaluate the dynamic responses of cylindrical tanks under seismic
excitation. Haroun [5] tested full-scale anchored and unanchored cylindrical tanks
and compared the responses with the analytical method.

Some researchers have also analyzed tanks with obstruction inside the container.
Aslam et al. [6] experimentally investigated annular tanks using small-scale and
full-scale models and compared the responses with the developed analytical
method. Bauer [7] investigated fluid–structure interaction for annular cylindrical
tanks. Abramson [8] compiled the lateral sloshing behavior in annular and sector
cylindrical tanks and also included spherical, conical, and oblate tanks. Tang et al.
[9] investigated the seismic response of rigid and flexible annular tanks using
analytical methods. Gedikli and Erguven [10] proposed a boundary element method
(BEM) to evaluate modes of liquid in tanks with rigid baffles. Drake [11] also
applied the BEM to analyze circular tanks installed with internal pipes. Biswal et al.
[14] validated the results obtained by Gedikli and Erguven [10] using finite element
(FE) approach and included the effect of tank-baffle flexibility. Researchers [12, 13]
also used finite element approach to evaluate the responses of liquid-filled cylin-
drical tanks under seismic excitation. Recently, scaled boundary finite element
method (SBFEM) was discussed by Lin et al. [15] to study the sloshing phe-
nomenon in annular cylindrical liquid storage tanks.

Nowadays, use of finite element tools to model liquid storage tanks is becoming
more and more popular. With the help of this tool, tanks of any shapes and
geometries can be analyzed. Moslemi and Kianoush [16] used ANSYS software to
analyze ground-supported cylindrical tanks (rigid and flexible) under vertical and
horizontal ground acceleration. Kotrasova and Grajciar [17] used ADINA software
to evaluate the seismic response of circular tanks. In the present work, finite element
approach is used to study the free vibration characteristics of sloshing liquid. The
study is focused to obtain sloshing frequency and sloshing mass. Presently, this
study is limited to circular tank with rigid circular obstruction at center (i.e., annular
container). Once finite element approach is established, then this approach can be
extended to tanks of any geometry and any type of obstruction.
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2 Finite Element Model of Liquid

The liquid is modeled using fluid element FLUID80 from the finite element
library of ANSYS. This is a 3-D eight-nodded element with three degrees of
freedom at each node, i.e., translation in x, y, and z directions, respectively. Tank
wall and centrally located obstruction are considered to be rigid. The container is
considered to be fixed at the base. Figure 1 shows 3-D and plan view of FE
model of container with centrally located rigid circular obstruction. Mesh size
plays an important role in the modeling of liquid. A parametric study was per-
formed to arrive at suitable mesh size. It is noted that mesh size depends on
aspect ratio of container. Free vibration analysis is done for tanks without
obstruction and with obstruction. The bulk modulus of liquid (water) is taken as
2.18 � 109 N/m2, and density of liquid is 1000 kg/m3. Four cylindrical tanks
with radius (R) of 1, 2.5, 3.5, and 5 m are considered. Height-to-radius ratio (H/
R) for these tanks is varied from 0.2 to 4. Radius of obstruction (R0) to radius of
tank (R) ratio (k = R0/R) is varied from 0 to 0.5.

3 Results

In the present study, the sloshing frequency (kn,k) and sloshing mass (mn) in first
three modes are obtained. The effect of size of centrally located rigid circular
obstruction on these results is studied. These results are compared with the ana-
lytical results on sloshing frequency and sloshing mass. For annular tanks, the
sloshing frequency is given by Eq. (1) [3, 8].

kn;k ¼ 1
2p

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
g
R
nn;k tanh nn;k

H
R

� �s
ð1Þ

where n is the mode number, k = R0/R, and g = gravitational acceleration. The
values of nn,k are obtained by solving a transcendental equation in terms of Bessel’s

Fig. 1 ANSYS model of
cylindrical tank with
obstruction
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formulations. The values of nn,k for the first three modes and for some values of
k are given in Table 1.

Likewise, the ratio of sloshing mass in the nth mode (mn) and total liquid mass
(m) for tanks without obstruction is given by Eq. (2) [3].

mn

m
¼ 2

f2n � 1

R
fnH

tanh fn
H
R

� �" #
ð2Þ

The values of f in the first three modes are f1 = 1.841, f2 = 5.331, and
f3 = 8.536. It is to be noted that there is no analytical expression for sloshing mass
of annular tanks. However, Tang et al. [9] have given expression for sloshing mass
coefficients for base shear and moment along with foundation shear for annular
tanks.

The sloshing frequency and sloshing mass of circular tank without obstruction
are obtained from finite element model of present study and are compared with the
analytical results (Eqs. 1 and 2) in Table 2. It is to be noted that mn/m depends only
on H/R, whereas kn,k depends on H/R and R. The results of Table 2 are for R = 5 m.
It is seen that the results of present study obtained from finite element modeling
match well with the analytical results. The results on tanks with obstruction (i.e.,
annular tanks) are given in Table 3 for R = 1 m and R0 = 0.1 m and in Table 4 for
R = 5 m and R0 = 0.5 m. The sloshing frequency obtained from present study
matches well with the analytical results given by Abramson [8]. From Tables 3 and
4, it is to be noted that the sloshing frequency depends on R also in addition to H/
R and R0/R. However, mn/m depends only on H/R and R0/R.

The effect of obstruction size on sloshing frequency and sloshing mass in first
three modes is shown in Table 5. The results are for R = 5 m, H = 1 and 5 m, and
k is varied from 0 to 0.5. It is seen that the sloshing frequency and sloshing mass
ratio excited in first mode decrease as size of obstruction increases. However, the
sloshing frequency in second and third mode initially decreases for k = 0 to 0.2 and
gradually increases for k = 0.3 to 0.5.

The sloshing mass ratio in the first and third modes decreases with the size of
obstruction. The sloshing mass excited is very large in the first mode. The sloshing
mass ratio (mn/m) in the first and third modes decreases with the size of obstruction,

Table 1 Values of constant nn,k [8]

k = R0/R First mode (n = 1) Second mode (n = 2) Third mode (n = 3)

0 1.841 5.330 8.530

0.1 1.803 5.137 8.199

0.2 1.705 4.960 8.433

0.3 1.582 5.137 9.308

0.4 1.462 5.660 10.683

0.5 1.355 6.560 12.706

6 M. Z. Kangda et al.
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whereas sloshing mass ratio in the second mode increases with the size of
obstruction.

In the present study, results are obtained for large number of tanks of different H/
R and for different R0/R. The results are presented graphically. Since the sloshing
frequency depends on R along with H/R and R0/R, hence for annular tanks the
sloshing frequency is presented as a ratio of frequency of annular tanks divided by
corresponding frequency of tanks without obstruction (i.e., kn,k/kn,0). In Fig. 2,
results on sloshing frequency in first mode are shown for k = 0.1, 0.3, and 0.5.
Here, comparison with analytical results is also shown. It is interesting to note that
the frequency ratio (k1,k/k1,0) obtained analytically matches well with present results

Table 3 Sloshing frequency and sloshing mass of cylindrical tank with obstruction (R = 1 m,
R0 = 0.1 m, and k = 0.1)

H/R k1,0.1
(Hz)

k2,0.1
(Hz)

k3,0.1
(Hz)

k1,0.1
(Hz)

k2,0.1
(Hz)

k3,0.1
(Hz)

m1
m

m2
m

m3
m

Present study Abramson [8] Present study

0.4 0.525 1.111 1.427 0.526 1.111 1.425 0.689 0.046 0.0049

0.8 0.632 1.130 1.426 0.633 1.130 1.427 0.498 0.024 0.0025

1.2 0.657 1.130 1.427 0.661 1.130 1.427 0.361 0.016 0.0016

1.6 0.666 1.130 1.426 0.667 1.130 1.427 0.276 0.012 0.0012

2.0 0.666 1.129 1.428 0.669 1.130 1.427 0.220 0.0095 0.0010

2.4 0.666 1.127 1.429 0.669 1.130 1.427 0.183 0.0079 0.0008

2.8 0.666 1.125 1.426 0.669 1.130 1.427 0.157 0.0066 0.0007

3.2 0.666 1.124 1.424 0.669 1.130 1.427 0.137 0.0059 0.0006

3.6 0.666 1.124 1.422 0.669 1.130 1.427 0.122 0.0052 0.0005

4 0.666 1.125 1.420 0.669 1.130 1.427 0.110 0.0047 0.0005

Table 4 Sloshing frequency and sloshing mass of cylindrical tank with obstruction (R = 5 m,
R0 = 0.5 m, and k = 0.1)

H/R k1,0.1
(Hz)

k2,0.1
(Hz)

k3,0.1
(Hz)

k1,0.1
(Hz)

k2,0.1
(Hz)

k3,0.1
(Hz)

m1
m

m2
m

m3
m

Present study Abramson [8] Present study

0.4 0.235 0.495 0.637 0.235 0.497 0.637 0.688 0.046 0.0049

0.8 0.283 0.505 0.637 0.283 0.505 0.638 0.498 0.024 0.00246

1.2 0.296 0.505 0.637 0.296 0.505 0.638 0.362 0.016 0.00164

1.6 0.298 0.505 0.637 0.298 0.505 0.638 0.277 0.012 0.00123

2.0 0.299 0.505 0.635 0.299 0.505 0.638 0.221 0.010 0.0010

2.4 0.299 0.505 0.633 0.299 0.505 0.638 0.184 0.0079 0.00080

2.8 0.299 0.504 0.630 0.299 0.505 0.638 0.158 0.0068 0.00070

3.2 0.299 0.504 0.633 0.299 0.505 0.638 0.138 0.0059 0.00060

3.6 0.299 0.504 0.632 0.299 0.505 0.638 0.123 0.0052 0.00054

4 0.299 0.503 0.630 0.299 0.505 0.638 0.110 0.0047 0.00048

8 M. Z. Kangda et al.



and this ratio is independent of value of R and depends only on H/R and
R0/R. Analytically, the ratio of frequency is given by Eq. (3).

kn;k
kn;0

¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
nn;k tanh nn;k H

R

� �
nn;0 tanh nn;0 H

R

� �
s

ð3Þ

Here, nn,k depend on R0/R and nn,0 are constants, and hence, it is clear that the
frequency ratio value does not depend on individual value of R. From Fig. 2, it is
seen that as the size of obstruction increases, the first sloshing frequency decreases.
Similar results for second-mode sloshing frequency are given in Fig. 3. From
Fig. 3, it is seen that that for second-mode frequency ratio first decreases with k and
then increases. The effect of obstruction on sloshing mass of first mode is depicted

Table 5 Effect of obstruction size on sloshing frequency and sloshing mass of cylindrical tank
[(R) = 5 m and H = 1 m]

k = R0/R k1,k
(Hz)

k2,k
(Hz)

k3,k
(Hz)

k1,k
(Hz)

k2,k
(Hz)

k3,k
(Hz)

m1
m

m2
m

m3
m

Present study Abramson [8] Present study

0 0.180 0.457 0.630 0.180 0.457 0.630 0.800 0.054 0.0144

0.1 0.176 0.443 0.615 0.176 0.444 0.615 0.771 0.073 0.0091

0.2 0.167 0.431 0.627 0.167 0.432 0.626 0.705 0.127 0.0057

0.3 0.155 0.443 0.665 0.155 0.444 0.664 0.636 0.182 0.0035

0.4 0.144 0.478 0.718 0.144 0.478 0.719 0.581 0.217 0.0020

0.5 0.133 0.532 0.788 0.133 0.532 0.790 0.543 0.226 0.0010

R = 5 m and H = 5 m

0 0.295 0.515 0.653 0.295 0.515 0.651 0.431 0.0132 0.0031

0.1 0.291 0.505 0.637 0.291 0.505 0.638 0.422 0.019 0.0020

0.2 0.282 0.496 0.646 0.282 0.496 0.647 0.400 0.034 0.0012

0.3 0.269 0.505 0.679 0.269 0.505 0.680 0.380 0.0473 0.00074

0.4 0.255 0.530 0.724 0.255 0.530 0.729 0.367 0.0533 0.0004

0.5 0.243 0.571 0.790 0.243 0.572 0.795 0.360 0.0521 0.00021

Fig. 2 First-mode sloshing
frequency ratio of annular
tanks
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in Fig. 4. It is seen that sloshing mass ratio gets affected by obstruction size for
shallow tanks, i.e., (H/R < 1.0). The sloshing mass of second mode increases with
the obstruction size. This increase is significant for shallow tanks. (i.e., H/R < 1.0)
as shown in Fig. 5. The sloshing mass ratio obtained in the three modes is repre-
sented by m1/m, m2/m, and m3/m, respectively. Figures 4 and 5 show sloshing mass
ratio in first and second mode for the selected tank geometries. The results compare
well between present study and available analytical approach. It can be concluded
that the convective mass ratio is independent of the R0, R, and H of tank alone and,
however, depends on radius of obstruction, R0, and H/R ratios.

Fig. 3 Second-mode
sloshing frequency ratio of
annular tanks

Fig. 4 First-mode sloshing
mass ratio of annular tanks

Fig. 5 Second-mode
sloshing mass ratio of annular
tanks
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4 Discussion and Conclusions

In the present study, finite element approach is used to quantify the effect of
centrally located circular rigid obstruction on sloshing frequency and sloshing mass
of circular tank (i.e., for annular tank). Tank walls are considered rigid with fixity at
the base. For sloshing frequency of such annular tanks, closed-form expressions are
available [8, 9]. However, for sloshing mass such closed-form expressions are not
available. The sloshing frequency results of present study match well with ana-
lytical results [3, 8].

In the finite element model, suitable mesh size is used to arrive at reasonably
converged results. Liquid is considered to be inviscid and incompressible and
modeled using the FLUID 80 element from the finite element library of ANSYS
having properties of water. The finite element results are first validated with the
available results for tanks without obstruction. Then, the results for annular tanks
are obtained. The sloshing frequency and sloshing mass are obtained for first three
modes. It is seen that with increase in obstruction size, the frequency of first
sloshing mode decreases. However, in second and third mode the frequency
reduces up to certain value of R0/R and then increases (Table 5). The sloshing mass
in first mode decreases with increase in size of obstruction. However, in the second
mode altogether opposite behavior is seen; i.e., sloshing mass increases with size of
obstruction. Further, the mass excited in second and third mode is much less as
compared to the amount of mass excited in first mode. However, the mass excited
in second mode is quite large for shallow tanks. The effect of obstruction size on
sloshing frequency is significant for shallow tanks.

The finite element approach used in this study is quite robust and can be
extended to further study the effect of obstruction of any shape at any location.
Moreover, the flexibility of obstruction can also be included. Such studies will find
applications in nuclear reactors also.
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Nonlinear Static Behaviour of RC
Frame Buildings During Construction
Stages

Ankush Gogoi, Bhargav Bhuyan, Nishant Sharma
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Abstract Multi-storied reinforced concrete (RC) frame buildings nowadays con-
stitute a large extent of the building stock in urban India. Usually, multi-storey
buildings are analysed at the final stage but in reality loads are sequentially applied
at every stage of construction. So in the present study, the influence of the story
height on capacity has been attempted to be investigated through analysis of five
RC frame buildings during their intermediate construction stages. Here earthquake
force is considered to be applied in all the full buildings along with their inter-
mediate stages and pushover analysis is carried out to determine possible damage of
structural members with increase in height of the buildings. The present study gives
an insight on the vulnerability of the structural members of building liable to
seismic damage.
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1 Introduction

Multi-storied Reinforced Concrete (RC) frame buildings constitute a large part of
the urban building stock in our country. As approximately 60% of the country is
under moderate to severe seismic hazard, earthquake-resistant design of RC
buildings is a subject of extreme importance in the current scenario. Although past
studies have focused extensively on the seismic behaviour and the possible design
aspects in detail, most of the investigations have focussed on the building behaviour
at its functional stage. Very few studies have focussed on the building behaviour
during the different stages of its construction. In Ref. [1], the effect of self-weight
was only studied during construction process of buildings. In Ref. [2], rigid frame
structures of both concrete and steel model of different configurations were con-
sidered for sequential analyses and the structural response against the various loads
compared under linear static analyses. In Ref. [3], the effect of construction
sequence was studied by carrying out nonlinear static analyses of rigid RC frames
of different configurations and compared with the results of single-step analysis.
The structural response and the required reinforcement tend to increase for the
interior columns for the different stages of construction. In another study [4],
several buildings were analysed under different loads in construction stages.
Although the design of columns was not much influenced, the designs of interior
beam and the edge columns turned out to be critical during the construction stages.
A thirty-storied building was analysed under construction sequence loadings in
various stages, and critical design aspects in components were identified [5].

In the present study, seismic behaviour of five different buildings at their
respective intermediate stages of construction is investigated under the combined
effects of dead load, live load and earthquake load. Nonlinear static analysis is
carried out for the different stages of construction to assess their seismic behaviour
and possible failure modes in the members.

2 Input Details and Modelling

The following sections explain the modelling and input details.

2.1 Description of the Model

Five RC framed symmetric buildings of different heights and having same plan are
considered to be located in Seismic Zone V as per the Indian earthquake code [6].
Their intermediate stages of construction have been considered for the present
study. The typical floor plan of the buildings is shown in Fig. 1. Details of the
number of intermediate stories taken for the study are shown in Table 1 along with
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the model names. The building plan has length and width as 15.52 and 9.14 m,
respectively. The typical storey height is considered as 3.04 m for all the buildings.

2.2 Input Details

The beams and the columns are modelled using 2-noded frame elements (with 3
translational and 3 rotational degrees of freedom at each node) and the slabs are
modelled using 4-noded shell elements (with 3 translational and 3 rotational
degrees of freedom at each node) using the computer program SAP2000 [7]. The
design of the beam and column sections is carried out based on under-reinforced
failure mode and using the relevant Indian Standards [8, 9]. Further, ductile
detailing of the beam and column sections is carried out and checked against
possible seismic shear failure as per the Indian Ductile Detailing Code [10]. The
thickness of all the floor slabs is taken as 125 mm. Unreinforced masonry infill
walls are not considered in the analyses. The buildings are assumed to be having
foundation on rocky stratum, thus the translational and rotational degrees of free-
dom at the bottom ends of the columns are restrained.

2.3 Load Calculations

The dead load and live load for the structural elements are adopted as per the
provisions in the Indian Standards [11, 12]. As per the Indian Code [6], the
important factor and response reduction factor for all the buildings are considered as
1 and 5, respectively. The design lateral force is then calculated and the following
load combinations are adopted:

• 1.5 � (DL + LL)
• 1.2 � (DL + LL ± EL)

Fig. 1 Floor plan of the
building models
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• 1.5 � (DL ± EL)
• 0.9 � DL ± 1.5 � EL

2.4 Beam Section Details

The section sizes and reinforcement of the beams are carried out for each model
(Table 2) as per the relevant standards [8, 9] considering the flexure and shear
design methodologies.

2.5 Column Section Details

The section sizes and reinforcement of the columns are decided based on the
combined axial forces and the bending moments at the relevant sections. The
longitudinal reinforcement is kept in the range of 0.8–1.35% for all the column
sections considering under-reinforced behaviour and equally distributed reinforce-
ment on all the four sides (Table 2). Flexure and shear design methodologies are
used as per the relevant standards [8, 9].

3 Nonlinear Static Analysis

Nonlinear static analysis or pushover analysis is carried out for all the buildings
along the direction of the length of each building. First, force-controlled pushover
analysis is carried out for dead and live loads. Then, monotonic
displacement-controlled pushover analysis is carried out in the horizontal direction
with displacement profile same as that of the fundamental translational mode shape
of vibration in that direction. Material nonlinearity is modelled using lumped plastic
hinges at appropriate sections in the beams and columns, and these hinges represent
flexural mode of failure.

Table 1 Model details

Model name No. of stories No. of stories in intermediate stage

2S 2 1

4S 4 2

6S 6 2, 4

8S 8 3, 6

10S 10 4, 8
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3.1 Details of Hinge Properties

For locating the plastic hinge section, the plastic hinge length [13] is calculated
using Eq. (1)

Lp ¼ 0:08Lv þ 0:022fydb ð1Þ

where Lp is the length of plastic hinge, Lv the distance of the point of contraflexure
from the support, fy the yield strength of longitudinal reinforcement steel and db the
mean diameter of longitudinal bars. At each plastic hinge location in the beams,
moment–curvature characteristic is assigned to monitor the possibility of flexural
failure mode during pushover analysis. For columns, the axial force–bending
moment interaction is also assigned at the sections, along with the moment–cur-
vature property, to monitor the failure modes. For both beam and column sections,
moment–curvature characteristics are obtained from the section designer module of

Table 2 Sectional details of columns and beams and corresponding locations

Sizea Main r/f Transverse r/f Special confining r/f Location model/
storeyb

350 � 350 12 #
12 mm Ø

2 leg 12 mm
Ø @ 175a c/c

2 leg 12 mm Ø @
85a c/c over 450a

2S/1–2; 4S/3–4;
6S/5–6; 8S/7–8;

400 � 400 12 #
12 mm Ø

3 leg 10 mm
Ø @ 190a c/c

3 leg 10 mm Ø @
100a c/c over 450*

4S/1–2; 6S/3–4;
10S/7–10;

450 � 450 16 #
12 mm Ø

3 leg 10 mm
Ø @ 190a c/c

3 leg 10 mm Ø @
100a c/c over 450a

6S/1–2; 8S/4–6;

500 � 500 20 #
12 mm Ø

3 leg 10 mm
Ø @ 190a c/c

3 leg 10 mm Ø @
100a c/c over 500a

10S/4–6

550 � 550 20 #
12 mm Ø

3 leg 10 mm
Ø @ 190a c/c

3 leg 10 mm Ø @
100a c/c over 500a

8S/1–3

600 � 600 28 #
12 mm Ø

3 leg 10 mm
Ø @ 190a c/c

3 leg 10 mm Ø @
100a c/c over 600a

10S/1–3

All beams

Main
r/f

Transverse
r/f

350 � 250 c3 # 12 mm Ø 2 leg 8 mm Ø @ 100 c/c over 600; @ 150 elsewhere
aIn millimetre (mm)
bStorey intervals corresponding to the model name
cDetailing for tension side. Same detailing is used compression side
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SAP2000 program by using the ultimate curvature, yield curvature, ultimate
moment and yield moment capacities. For columns, the mentioned parameters are
obtained for different axial forces.

For the force-controlled analysis, the models are analysed under dead load first.
Then, considering the deformed shape of the model under dead load, pushover
analysis was carried out under live load. That was followed by the
displacement-controlled pushover analysis. The appropriate displacement profile
for displacement-controlled pushover analysis is obtained by carrying out modal
analysis of the building models. The mode shape of vibration for the second mode
represented required displacement profile along the desired direction.

4 Results of Pushover Analysis

For all the buildings, the observed lateral shear capacity is higher for the inter-
mediate construction stage as compared to the lateral capacity obtained for the final
stage of construction (Figs. 2a, 3a, 4a, 5a and 6a). For the first stage of construction,
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i.e. with the columns only up to the plinth level, the capacity for the six-storied
building is the highest as compared to the two- and four-storied buildings. This is
due to the fact that the beams and columns have been designed considering the final
structure (excluding any infill wall and floor-finishing load), thus the member
capacities are also expected to increase with the final height of the structure.

However, the estimated displacement capacities of the buildings are observed to
be almost the same for the initial stage. For two-, four- and six-storied buildings, the
lateral displacement reduces with increase in height during the construction stages.
This is possibly due to the formation of collapse mechanism in the upper stories
through mobilization of plastic hinges. For the two-storied building, such a
mechanism is formed in the upper story with the hinges reaching the collapse
capacities (Fig. 2b). For the four-storied building, mostly beam mechanism is
observed in the lower floors with extensive hinge formation at the bottom of the
lower story columns (Fig. 3a, b). These possibly lead to lesser displacement
capacity in the final stage of construction of the building.

For the final stage two-storied building, the first hinge in the columns is formed
at a displacement of 6.5 mm with most of those hinges reaching the collapse stage
at a displacement of 8 mm (Fig. 2b). For the final construction stage analysis of the
four-storied building, the first hinges are formed in the beams at a lateral dis-
placement of 14 mm, whereas the column hinges start forming at around 35 mm
(Fig. 3b, c). Although beam hinges are formed in all the floors, they do not reach
the collapse stage in any of the floors. Most of the deformations get concentrated at
the column ends and this leads to lesser nonlinearity at the beam ends. For the initial
stage analysis of the building, the hinges at the beam and column ends start forming
at displacement levels of 7.4 and 12 mm respectively.

For the final stage six-storied building, the first hinges are formed at the column
ends at a displacement of 25.6 mm. The hinges are formed in the first- and
second-floor beams at a displacement of 38.9 mm but none of the hinges reached
the collapse stage. No plastic hinge is formed in the fifth-floor columns as well as in
the ground, fourth- and fifth-floor beams (Fig. 4c). For the intermediate stages of
construction, the displacement capacity could not be estimated because the non-
linear analysis did not proceed after the peak lateral shear capacity was reached. For
both the intermediate frames, the first hinges in the beams and columns are formed
earlier than the corresponding hinge formations for the final structure. Also, the
beam hinges did not reach the collapse level for any of the cases.

For the intermediate construction stages of the eight-storied building, the non-
linear static analysis did not proceed beyond the displacement at which peak lateral
shear strength was reached. Thus, the displacement capacity could not be estimated
for the intermediate six-storied and three-storied structures. For the final stage
structure, the first hinges at the beam and the column ends formed at displacements
of 48 and 39 mm, respectively. Most of the nonlinearities got concentrated at the
column ends of the middle floors (Fig. 5b). Thus, the hinges at the beam ends did
not reach the collapse level. For the intermediate stage structures, the hinges at the
beam and the column ends formed earlier than those for the final stage structure.
Also, hinges at the ends of the columns reached the collapse level, whereas, the
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beam hinges did not show significant nonlinearities. For the final stage structure, the
peak lateral shear strength could not be observed.

For the ten-storied building, peak lateral shear strength could not be reached for
any of the intermediate stage models or the final stage model. The first hinges are
formed at the beam end and the column ends at displacement levels of 43.8 and
55.4 mm, respectively. Like the six-storied building, the hinges at the beam and the
column ends formed earlier than those for the final stage structure (Fig. 6b). For the
final stage structure, the collapse mechanism was observed in the columns of one
particular storey. Although hinges were formed at the beam ends for a number of
floors, the level of nonlinearity was less as compared to the maximum nonlinearity
observed at the column ends. For both six- and eight-storied buildings, very few
hinges were formed in the two bottom storey columns (Figs. 5b and 6b).
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5 Conclusions

The following salient conclusions are drawn from the current study:

(a) With increase in the height of the building, nonlinearities tend to get concen-
trated at the columns of the middle stories. Also, the beam hinges show lesser
levels of nonlinearity.

(b) With increase in height of the building, hinge formation begins at the column
ends and then spreads to the ends of the beams.

Further detailed analyses need to be carried out for final service stage of the
buildings to compare the lateral shear strength and displacement capacities with
those obtained for the intermediate stages of construction.
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Dynamic Modelling of Ujjayanta
Palace—A Heritage Load-Bearing
Masonry Building

S. Raghunath and K. S. Jagadish

Abstract This paper discusses the modelling of the Ujjayanta Palace building, a
highly asymmetrical load-bearing masonry structure, for the purpose of carrying out
time history analysis for earthquake inputs. The analysis enabled the ductility-based
design, which was a major requirement for seismic retrofitting of the heritage
building. The building is situated at Agartala, the capital of the state of Tripura. The
building has a number of piers which are assumed to carry the axial gravity loads
and the lateral seismic forces. The asymmetry in the plan and elevation necessitated
the development of a relatively simple model which includes the lateral sway
modes as well as the torsional modes of vibration. Thus, the scheme included
calculation of the location of the mass and stiffness centre in each floors. The
in-plane and the out-of-plane stiffness of the masonry piers were included in the
formulation of the stiffness matrix. The seismic mass lumped at the floor levels
were obtained in accordance with the provisions of IS-1893 (2002). After setting up
the coupled equations of motion, which included three degrees-of-freedom (trans-
lations in the two horizontal directions and rotation about the vertical axis passing
through the mass centre) for each floor, the mass matrix and stiffness matrices were
obtained. Later, the seismic forces were computed in each of the masonry piers by
solving the equations of motion using a numerical integration scheme. The earth-
quake inputs were taken by considering the site-specific earthquake parameters.
This dynamic analysis enabled the crucial computation of the deformation of the
masonry piers, following which a containment reinforcement scheme was detailed.
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1 Introduction

Ujjayanta Palace is an important heritage building situated Agartala, the capital city
of the state of Tripura, India. At the time of structural assessment, the building
served as the Legislative State Assembly of the state. The palace was reported to
have been constructed by the then King—Maharaja Radha Kishore Manikya in
1901. The building is styled in Greek architecture and was designed and con-
structed by Sir. Alexander Martin of M/s Martin Burn co. After the completion of
the retrofitting the building is serving as Tripura government museum.

The building is situated in seismic zone V, which has the highest level of
seismicity in India. The detailed investigation by M/s BBR (India) Pvt. Ltd,
revealed the vulnerability of the building which is predominantly an un-reinforced
masonry structure. It was thus decided to carry out the seismic retrofitting.

As the part of the retrofitting project, the condition assessment of the building was
carried out. The structure is mainly a two-storey load-bearing building with the walls
being 3.3 m high in the ground floor; however the walls in the first floor are of
varying heights especially in the durbar hall and ballroom. In addition, there are some
components such as front tower, rear tower and the long corridors. The floor heights
of these components vary from 4.8 to 6.2 m. Also, at some places, the first floor
supports five dominant vertical projections viz. (a) the front tower, (b) the ballroom,
(c) the extremely massive central tower with a dome, (d) the durbar hall and (e) the
rear tower. The load-bearing walls are made of various sizes and shapes in the two
floors. Most of the walls have a good number of openings, majority of which have an
arch at the lintel level. The presence of these large openings allows for modelling the
walls as a series of piers by neglecting the portion of the walls above the openings.
Figures 1 and 2 show the plan view and front elevation of the building.

Fig. 1 Ground-floor plan view of Ujjayanta Palace

26 S. Raghunath and K. S. Jagadish



In total, about 270 piers can be identified. The centroidal location of these piers
is shown graphically in Fig. 3. The location and size of the piers were obtained
from the measured drawings. In addition to these, there are three single-storey
appendages in the front portion of the building to house the steps leading to the first
floor of the building. In summary, the building can be described as a highly
asymmetric structure both in plan and elevation.

Fig. 2 Front view of Ujjayanta Palace

Fig. 3 Coordinates of masonry piers
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2 Design Objectives and Strategy

The major objectives of the seismic retrofitting were to achieve the following

(i) To permit the structure to undergo inelastic deformations without brittle
mode of failure and thus prevent loss of lives.

(ii) To limit the damage to minor repairable cracks when the structure is sub-
jected to maximum considered earthquake (MCE).
The method of retrofitting followed should be such as not to alter or mar the
architectural features of the heritage structure.
The strategy adopted to analyse, design and detail the retrofitting scheme was
as follows

(i) Assess the expected ground motion in the event of MCE, utilizing the
characteristics of the local soil strata.

(ii) Assess the strength and elastic properties of the brick masonry used in the
building

(iii) Develop a dynamic model to analyse the structure.
(iv) Analyse the structural response of the structure for the suggested earthquake

ground motion parameters, using the time history method suggested in IS
1893 (2002) [1]. Obtain the peak displacements and forces in the
load-bearing components of the building.

(v) Develop a heuristic design method for arriving meeting the ductility demand
in the masonry elements. Ductile reinforcement in the form of (vertical)
aluminium strips to be quantified using a simplified lateral inertial force
equivalent to the peak ground acceleration.

(vi) Heuristic design of horizontal bands and corner vertical reinforcement based
on codal recommendations, but using advanced polymer composites (APC)
—Epoxy-glass fibre reinforced composite.

The following section discusses the development of the dynamic model.

2.1 Development of the Dynamic Model

Assumptions

1. It is assumed that the seismic forces shall be taken up by the masonry piers. The
floor and rood slab being relatively are considered rigid in its plane and the
seismic forces are transmitted to the piers in diaphragm action.

2. The seismic force developed in each masonry pier is proportional to the relative
lateral stiffness of the piers. The in-plane shear and bending deformations are
considered in computing the stiffness.
The in-plane shear stiffness is taken as ks ¼ btG=h, where b is the length of the
pier, t is the thickness of the pier, h is the height of the pier and G is the modulus
of rigidity of masonry (*0.4E).
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The in-plane bending stiffness is taken as kb ¼ 12EI
h3 , where I is the moment of

inertia, E is the modulus of elasticity of masonry.
The total in-plane deformation is a considered as a linear combination of
in-plane shear deformation and in-plane bending deformation. Thus, the
in-plane stiffness along an axis works out to k ¼ kskb

ks þ kb
[2].

3. The masonry wall portions between the openings are assumed to contribute to
the mass and not to the stiffness.

4. For the purpose of analysis only two floors are considered (average height of
ground floor and first floor is 3.3 and 5.5 m, respectively), although the towers
are much taller. However, the appropriate portion of mass of the towers (front,
central and the rear towers) is assumed at the roof of the upper floor. It may be
noted that the superstructure of the central tower begins at the first-floor level
and is inaccessible underneath it. The stiffness of the huge pillars of this tower at
the upper floor is also considered.

5. The seismic mass lumped at the floor level is obtained by considering (a) floor/
roof slab mass, (b) mass contribution from the live load (as per IS 1893-2002),
(c) the mass of the masonry spandrels between the openings (above the opening
level) (d) based on the consistent mass approach, 30% of the wall mass is also
lumped at the floor level (e) the mass of the parapets and all corbel projections at
the roof level

6. Based on the laboratory investigations, the modulus of elasticity of brick
masonry in lime-surkhi mortar is taken as 2000.0 MPa. Mass density of
masonry is assumed as 1800.0 kg/m3, while that of floor slabs as 2400.0 kg/m3.

7. Each of the two floors is assumed to possess 3 degrees-of-freedom (d.o.f), viz.
translation displacements in the x- and y-direction and rotational displacement h,
about a vertical axis passing through the mass centre. Hence the total number of
d.o.f is 6.

8. The vertical projections (towers, parapets etc.) are designed and checked for
stability for five times the design horizontal seismic coefficient, as per the
provisions of IS 1893 (2002).

Step 1 Setting up the equations of equilibrium

The following notations are used:

i Masonry pier no. (totally 270 piers are identified)
x1, x2 Translation of ground floor and first floor lumped mass in x-direction
y1, y2 Translation of ground floor and first floor lumped mass in y-direction
h1, h2 Rotation of the ground floor and first floor lumped mass about the vertical

axis passing through the mass centre
rix, riy x and y coordinate of the ith masonry pier from the corresponding mass

centre
M1, M2 Lumped mass at the ground-floor and first-floor roof level
kx1i, kx2i Stiffness of the ith ground-floor pier and first-floor pier in the x-direction
ky1i, ky2i Stiffness of the ith ground-floor pier and first-floor pier in the y-direction
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Im1, Im2 Mass moment of inertia of the ground-floor mass and first-floor mass
about the its mass centre

The displacement of a pier can be considered as a combination of sway and
rotation about the vertical axis. The net displacement can hence be considered to be
a linear summation of the two. This is shown schematically in Fig. 4a, b. Here,
counterclockwise rotation is taken as +ve rotation. Of course, the location of the
piers from the centre of mass requires that the mass centre has to be computed prior.

M1€x1 þ
P

kx1i x1 � riyh1
� ��P

kx2i x2 � riyh2
� � ¼ 0

M1€y1 þ
P

ky1i y1 þ rixh1ð Þ �P
ky2i y2 þ rixh2ð Þ ¼ 0

IM1
€h1 þ

X
ky1i y1 þ rixh1ð Þrix �

X
kx1i x1 � riyh1

� �
riy �

X
ky2i y2 þ rixh2ð Þrix

þ
X

kx2i x2 þ riyh2
� �

riy ¼ 0
M2€x2 þ

P
kx2i x2 � riyh2

� � ¼ 0
M2€y2 þ

P
ky2i y2 þ rixh2ð Þ ¼ 0

IM2
€h2 þ

P
ky2i y2 þ rixh2ð Þrix �

P
kx2i x2 þ riyh2

� �
riy ¼ 0

ð1Þ

Step-2 Obtaining natural frequencies and mode shapes
These above six equations are used to obtain the natural frequencies and
mode shapes. These are computed by obtaining the Eigen value and
Eigen vectors. The Eigen vectors are represented in the matrix form
as [/]

Step-3 Determination of modal mass and modal stiffness
The modal mass and modal stiffness matrices are obtained as follows;

�M ¼ /TM/ ð2Þ
�K ¼ /TK/ ð3Þ

Step-4 Time history analysis
After uncoupling the equations of equilibrium, for each modal mass and
stiffness a time history analysis has been carried out by the well-known
Newmark scheme [3]. A time step interval of 0.01 s has been chosen.
Analysis has been carried out by choosing damping value of 5%. Three
earthquake records considered are from the site-specific ground accel-
eration time history data based on the geotechnical data. A typical
ground motion data (acceleration time history data) is shown in Fig. 5.

Step-5 Obtaining forces in masonry piers
The above three cases were studied separately. It may be mentioned that
this data was chosen as an input for ground acceleration both in the
x-direction and y-direction. The peak response quantities were combined

30 S. Raghunath and K. S. Jagadish



using modal combination technique as per IS 1893-2002 [1]. The load
cases considered are in accordance with cl. 6.3.2 (IS 1893-2002) [1]. The
shear force in each masonry piers was obtained by the relative stiffness
coefficient, i.e. in proportion to their stiffness.

Fig. 4 a Schematic representation of sway mode, b Schematic representation of torsion mode
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3 Heuristic Design of Masonry Elements to Resist Lateral
Earthquake Loads

Masonry buildings can undergo different types of failures during earthquakes [4].
Some of the typical failures may be classified are: (i) out-of-plane flexural failure,
(ii) In-plane shear failure (iii) In-plane flexural rocking of narrow masonry piers
between openings, (iv) Shear failure at corners (separation of walls at vertical
junctions), (v) Separation of floor/roof and walls, (vi) Buckling of wythes and
(vii) Local failures. The mitigation of these damages can be achieved by strategic
introduction of reinforcement, for a given geometrical layout of the building. The
maximum stress levels reached in each of the masonry pier can be used to compare
with the corresponding strengths and this can lead to a design basis. Amongst these,
the design to withstand out-of-plane flexural failure has been described in brief.

4 Design of Vertical Containment Reinforcement
for a Typical Masonry Pier

The design of masonry for ductility requirements was carried out as outlined by
Raghunath et al. [5]. This is in the form of containment reinforcement [2, 5]. This is
similar to that of a single reinforced concrete beam, the difference being in the stress
block. The stress–strain curve of masonry obtained from experiments is considered.

Fig. 5 Acceleration time history response at the surface
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The design of the walls for out-of-plane flexure is based on the premise that
during an earthquake the lateral forces in a masonry building shall be shared by the
shear walls, since the cross walls possess relatively very low lateral stiffness. As a
result, the cross walls can be expected to experience only out-of-plane inertial
forces due to their self-weight. By considering a masonry pier of thickness ‘d’ and
width ‘b’ as shown in Fig. 6, the depth of the neutral axis can be obtained by
equating the moment of compression area to the moment of the transformed area.

Thus, using the usual notations and same assumptions as that made for linear
elastic analysis of singly reinforced RC beam, we get the following equation;

1=2b kdð Þ2 þmAst d � kdð Þ ¼ 0 ð4Þ

The tensile strain in steel (es) and the compressive strain in extreme fibre of
masonry (em) can be related by referring to Fig. 5, as

es
em

¼ 1� k
k

ð5Þ

If the yield strain of the reinforcing material is esy, then the compressive strain in
extreme fibre of masonry when the reinforcement yields is:

esyk
1� k

¼ em ð6Þ

If the limiting compressive strain in masonry is em, then the ductility of masonry
in flexure is:

emðmaxÞ
em

ð7Þ

The moment of resistance of the cross section at yield of steel, assuming a linear
stress distribution in compression is:

Fig. 6 Linear elastic stress distribution across the thickness of the pier
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EsesyAstd 1� k=3ð Þ ð8Þ

One can carry out a simple non-linear analysis if the stress distribution is non-linear.
As an example;
Consider a masonry pier of width of 1300.0 mm (b) and depth/thickness (d) of

800 mm and a length of l.

Assuming a modulus of elasticity aluminium EAl = 70,000.0 MPa and modulus of
elasticity of masonry Em = 2000.0 MPa
Cross sectional area of aluminium AAl = 2strips � 50 mm � 2 mm
Tensile strain in aluminium = eAl
Tensile strain in masonry = em
Modular ratio = m

The neutral axis depth is now obtained assuming linear variation of stress in
masonry by the following equation;

1
2
b kdð Þ2 þmAAlkd � mAALd ¼ 0 ð9Þ

Solving for k, we get k = 0.11.
Assuming a linear strain variation in masonry,

em
eAl

¼ 0:11
0:89

¼ 1
8

ð10Þ

Assuming an inertial horizontal load due to an acceleration of 0.57g, the max-
imum bending moment = 14,525.0 Nm (for l = 3.3 m) and 40,346.0 Nm (for
l = 5.5 m).

Now stress in Aluminium reinforcement is given by obtaining the lever arm
(771.0 mm) and hence the total tension in Aluminium = 14,525.0/
0.771 = 18,839.0 N (for the case of l = 3.3 m) and similarly it is 52,329.0 N for
the case of l = 5.5 m.

The corresponding stress in Aluminium is thus obtained (= 94.2 MPa for
l = 3.3 m and 262.0 MPa for l = 5.5 m). Since the yield strength of aluminium is
about 100.0 MPa, it will remain in elastic range for l = 3.3 m and will go into
elasto-plastic range for l = 5.5 m. The strain in aluminium at yield = 0.014 and the
corresponding strain in masonry will be 0.0014/8 = 0.00,018. Various measure-
ments have shown that the peak compressive strain (limiting strain) in masonry to
be 0.006–0.008.

Thus the masonry with such reinforcement will maintain ductile behaviour till
the peak strain in masonry reaches 0.006. The ductile capacity of the masonry with
containment reinforcement is hence = 0.006/0.00018 = 33.3.

The aim of the design here is to maintain the ductile capacity at as high a level as
possible. Similar calculations are made for all the piers of the palace structure.

Containment reinforcement is an external reinforcement and the strain compat-
ibility needs to be established by ensuring that the reinforcement is hugging the
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masonry element by the provision of special shear connector keys which are
anchored into the masonry by anchor plugs and screws.

It was noticed that the minimum ductility capacity is about 19.3, which is
generally considered as adequate. Similar analysis was performed by choosing
(a) Glass fibre reinforced plastic (GFRP) strips and (b) stainless steel flats as a
material for vertical containment reinforcement. The choice of the material was then
based on the cost considerations and ease with which the containment reinforce-
ment can be introduced.

Aluminium flats being provided as vertical containment reinforcement is shown
in Fig. 7. The typical seismic retrofitting scheme for masonry piers is shown in
Fig. 8. Vertical reinforcement and horizontal GFRP wrap for ornate column heads
are shown in Fig. 9.

Fig. 7 Aluminium flats used
for vertical containment
reinforcement. Source http://
english.cctv.com

Fig. 8 Typical seismic
retrofitting scheme for
masonry piers
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5 Concluding Remarks

Ujjayanta Palace at Agartala is a heritage building situated in seismic Zone V and
hence the need for seismic retrofitting. The equations of motion for the highly
un-symmetric 2-storeyed building have been set-up by considering the coupled
effects of lateral sway and torsion of the masonry piers. After obtaining the natural
frequencies and mode shapes, the time history analysis was performed to obtain the
maximum forces in each of the masonry piers by considering a series of
site-specific ground motion records. This output of the analysis was used to carry
out the ductility-based design and detailing using the concept of containment
reinforcement with aluminium flats and/or surface wrapping using GFRP strips.
This type of ductile detailing helped in ensuring the retaining the architectural
embellishments of the heritage building. The seismic retrofitting was completed in
2013.
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Hybrid Testing of Concrete Bridge Piers
with Different Detailing at Column–
Foundation Interface

Needhi Kotoky, Anjan Dutta and Sajal K. Deb

Abstract In failures of bridges, damages in piers are mostly localized in the
vicinity of pier–foundation interface region. It is preferred to shift the damage from
the interface zone to make rehabilitation relatively easier. One possible approach is
to incorporate some additional features at interface to shift the likely damage zone.
The paper is an experimental investigation to evaluate the role of additional
detailing introduced at the interface. Two strategies were tried through incorpora-
tion of dowel bar at the interface region and use of corrugated sheet pipe in the
foundation below the pier–foundation interface. The performances of these two
specimens were compared with a pier having conventional detailing. An advanced
seismic testing technique, known as hybrid simulation, was used for the present
study to test the performance of the specimens when subjected to earthquake
excitation. The specimen with dowel bar was found to be better for all the
parameters concerning seismic performance.

Keywords Bridge pier � Pier–foundation interface detailing � Earthquake load
Hybrid simulation � Damage location

1 Introduction

A bridge structure should function adequately during and after an earthquake as any
failure will seriously hamper the relief and rehabilitation activity in the neigh-
bourhood. Deficiencies in the behaviour of bridges were observed during many
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earthquakes all over the world. In these failures of bridges, the reinforced concrete
piers were mostly observed to be considerably damaged, which implies that the
detailed understanding of nonlinear behaviour of these structural elements during
intense earthquakes is an important issue.

It is known that damage in a bridge pier is mostly localized around the plastic
hinge and the plastic hinge region is mostly concentrated in the column–foundation
interface region. Post-earthquake rehabilitation work becomes difficult if the
damage extends deep into the foundation. Thus, it is preferred to shift the damage
from the interface zone to make rehabilitation relatively easier. One possible
approach is to incorporate some additional features at column–foundation interface
to shift the likely damage zone. Aviram et al. [1] used dowel reinforcement at
the column–foundation interface to force most of the inelastic deformation to occur
within the column. Greizic et al. [2] provided the connection between the column
and the footing with dowel bars which matched the column vertical reinforcement
in order to shift the location of plastic hinging. Dowel bars were extended a distance
of 1.7 times the effective width of the column into the column section resulting in a
lap spice length of 42 times of the diameter of the reinforcement. The dowel bars
were anchored into the thick footing with 90° standard hooks. Another possible
way to shift the damage zone is by embedding a corrugated sheet pipe in the
foundation. Corrugated sheet pipe is a tube with a series of parallel ridges and
grooves on its surface. The diameter of the sheet pipe may be similar to pier. The
use of such corrugated sheet pipe enhances the confinement effect on pier.
Ghobarah et al. [3] used corrugated steel to upgrade beam-column joints as it
provides both lateral confinement and shear reinforcement. The corrugated jacket
adds shear strength and ductility to the connection. Kumar et al. [4] incorporated
corrugated steel duct to prevent crack localization at the cold joint at the column
base–foundation interface. Two strategies were tried in the presented work through
incorporation of dowel bar in the plastic hinge region and use of corrugated sheet
pipe in the foundation below the pier foundation interface.

The present work was executed by a new seismic testing technique called hybrid
simulation which attracted attention of the researchers in the recent past. Hybrid
simulation reduces modelling uncertainties by replacing numerical modelling of
highly nonlinear element by physical test of the element. The hybrid simulation
methodology is known to be a reliable cost-effective way for evaluating perfor-
mance assessment of structures [5]. Hybrid simulation technique is executed by
physically testing critical elements of a structure (such as bridge piers) while the
remaining elements are concurrently simulated numerically using a step-by-step
integration of the governing equations of motion for a model formulated consid-
ering both the numerical and physical components [6]. The first official publication
on hybrid simulation appeared in 1975 when Takanashi [7] proposed “online test”
method as an alternative experimental technique to shaking table tests. It is easier to
observe specimen behaviour to previously recorded earthquake and measure
specimen deflection in hybrid simulation as compared to test on shake table.
Further, conventional quasi-static testing, which is a widely used structural testing
method, does not account for the ductility demand imposed on earthquake ground
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motion on a structural specimen. It also suffers from the difficulty of interpreting the
results with respect to the structure it represents. Such problems can be resolved
with the hybrid simulation method, in which the displacements applied to a
structure are determined from the solution of equation of motion of the structural
system.

Real-time hybrid simulation was not carried out in order to inspect the specimen
during the course of testing and thus having better insight into the growth of
damage throughout the test. As such, pseudo-dynamic testing was performed to
evaluate the performance of the specimens. Three scaled bridge piers were con-
structed in the laboratory. Two bridge piers were provided with additional detailing
at the pier–foundation interface. This was done to achieve some modifications of
crack distribution from the pier–foundation interface zone. The performances of
these piers under seismic loadings are assessed based on the data obtained from the
hybrid tests. Further, cyclic tests were also performed after the completion of hybrid
tests to compare their ultimate capacities.

2 Research Significance

Post-earthquake rehabilitation works of bridge piers become easier if the damage is
distributed and shifts away from the pier–foundation interface zone. This is likely to
be achieved by some additional features at column–foundation interface. In this
paper, detailed strain measurements in reinforcing bars were made to appreciate the
seismic performance of different test specimens. The proposed strategies for
detailing near the likely damaged zone may provide effective means for crack
relocalization and ease of rehabilitation. Advanced hybrid simulation technique can
integrate efficiently the seismic behaviour of entire bridge including structural
elements with behavioural uncertainties

3 Test Program

The test specimens consist of three 1:5 scaled models of pier of a prototype bridge
in Tripura, India. These specimens were cast in the Structural Engineering labo-
ratory of Civil Engineering Department of IIT Guwahati. Details of the
scaled-down test models and their reinforcement details are shown in Table 1 and
Fig. 1. These three test specimens were identical in terms of their geometry and
longitudinal reinforcement details. However, they had difference in the details of
column–foundation interface portion, which was done targeting a shift in the major
damage location away from the pier foundation interface. While specimen Type 1
had conventional reinforcement detailing, dowel bars of length 390 mm (1.1 times
the plastic hinge length) were introduced in specimen Type 2. The numbers of
dowel bars were equal to the main longitudinal reinforcement and these bars were
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distributed equally in the region above and below the pier foundation interface. The
third type of detailing at the interface was through the use of corrugated sheet.
Specimen Type 3 used corrugated sheet pipe embedded into the foundation with
diameter about 10% more than that of the bridge pier. The differences among these
specimens are shown in Table 2. The specimens were cast with designed mix
having target cube compressive strength of 30 MPa. The specimens were cast in
stages. The foundations of piers were cast prior to the casting of the main piers.

3.1 Instrumentation

A total of eighteen electrical strain gauges were fixed on longitudinal reinforcement
in each of the test specimens at predefined location. The pier was instrumented
internally with five strain gauges on each of the longitudinal bars C1 and C5, while

Table 1 Details of scaled-down test models

Item Prototype Model Remarks

Longitudinal steel ratio 1.12% 1.12% Conserved during
scaling

Longitudinal steel
reinforcement

36 mm Ø—
38 nos

16 mm Ø—
8 nos

Conserved during
scaling

Transverse reinforcement dia 8 mm 8 mm –

Spacing of transverse
reinforcement

300 mm 60 mm 1/5 scale

Pier dia 2100 mm 420 mm 1/5 scale

Pier height 9000 mm 1800 mm 1/5 scale

Cover 40 mm 20 mm 1/2 scale

Fig. 1 Reinforcement detailing of the specimen
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four strain gauges were fixed on each of C2 and C6. Figure 2 shows location of
strain gauges on the longitudinal reinforcement. All these strain gauges helped to
visualize the difference in growth of strain in three types of specimens and compare
their performances. The lateral displacements were recorded using three LVDT
located at 80, 160 and 320 mm, respectively, from the pier foundation interface and
is shown in Fig. 3.

Table 2 Details of special features

Specimen and their Additional features

Type 1
Conventional reinforcement details as shown in Fig. 1

Type 2
16 mm Ø additional longitudinal bars were used over 175 mm above and below the pier–
foundation interface

Type 3
A corrugated sheet pipe over the depth of foundation
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Fig. 2 Location of strain gauges on the longitudinal reinforcement

Fig. 3 Schematic representation of laboratory set-up
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3.2 Loading Arrangement

The self-weight of the bridge deck was calculated from the detailed drawing of the
prototype bridge deck and its 1/25th (1/S2, S is the scale factor) value was applied
through a loading arrangement using 1000 kN capacity servo-hydraulic actuator
(make: MTS Inc., USA) having stroke length of ±250 mm. The actuator was
supported by the test frame as shown in Fig. 3. The lateral displacement was
imposed on the specimen by 250 kN dynamic actuator with stroke length
of ±250 mm and this actuator was supported against the strong wall of the labo-
ratory. The arrangement at the pier head ensured free lateral movement of the
specimen, while verticality of the applied dead load was maintained throughout the
tests. The specimen was fixed to the strong floor by means of four numbers of
high-tension bolt.

3.3 Hybrid Test Procedure

Hybrid simulation of structural system consists of numerical simulation module and
experimental module along with an interface for effective communication between
these two modules as shown in Fig. 4. Critical elements of a structural system,
which are likely to experience nonlinear behaviour and thereby may lead to
increased uncertainty in modelling (e.g. bridge piers) are physically tested while the
remaining elements are simultaneously simulated numerically. Few experimental
studies of RC bridge system by hybrid simulation are available in literature [8, 9].
3D numerical model of the bridge was created using the analysis platform
OpenSees developed by McKenna [10]. Full-scale numerical model of non-critical
components are created in the numerical module. The experimental module consists
of physical dynamic testing of scaled model of the critical element(s), i.e. bridge
pier in this study. Hybrid simulation technique utilizes OpenFresco interface plat-
form [6] to communicate between these two modules. MTS FlexTest GT controller
was used for hybrid testing through integration of numerical simulation module and
physical testing module.

3.4 Selection of Earthquake Time History

A past earthquake ground motion which is commonly used for seismic assessment
study was selected and matched to response spectra for maximum credible earth-
quake (MCE) of Zone V in India as per IS 1893 Part I (2002). The north-south
component of the El Centro ground acceleration history recorded during the 1940
Imperial Valley earthquake was used to dynamically excite the model. This record
was scaled to four different MCE levels. These four levels were selected to study
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structural behaviour in the entire spectrum of damage levels commencing from
minor cracking to major damage. Thus, the sample earthquake records in the hybrid
test consisted of the four scaled 32 s segments applied in sequence as shown in
Fig. 5. The response spectra of the scaled records matched the respective target
spectrum for Zone V as per IS 1893 Part I (2002).

4 Results

The damage states of specimen Type 1–3 at various displacement levels are shown
in Fig. 6a, b. At the end of test under 0.5MCE, hairline cracks were seen near the
base of the column for specimen Type 1. However, a clear shift in the initial crack
location from column–foundation interface could be seen for Type 2 and 3 speci-
mens. The hairline crack subsequently coalesced at the end of 1MCE test and
became more visible for all the specimens.

Fig. 4 Key components of hybrid simulation
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Fig. 5 Scaled simulation of El Centro (1940) acceleration time histories with four different
intensity levels

Specimen 
Type 1

Specimen 
Type 2

Specimen 
Type 3(a)

Damage pattern at the end of 1st level of of 
Hybrid test(b)

Damage pattern at the end of 4th level of of 
Hybrid test

Fig. 6 Damage state of the
specimens
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Multiple cracks were also observed distributed over the column–foundation
interface region. The position of first crack for specimen Type 2 was at the location
where dowels were terminated. Interestingly, specimen Type 3 also had first crack
almost at similar location. However, on further increase in the intensity of excita-
tion, the crack location in specimen Type 3 shifted towards column–foundation
interface region. Concrete spalling occurred in the zone of initial crack in Type 1
and 2, while in Type 3 spalling occurred near the pier–foundation interface during
the test under 2MCE intensity level. At the end of 3MCE intensity level test, the
concrete spalling was more prominent. Amongst all the specimen types, Type 2
performed relatively better with lesser damage than rest of the specimens.

At early loading stage, all the types of specimen performed in a similar fashion.
The measured lateral force versus lateral displacement responses of Type 1, 2 and 3
are presented in Fig. 7 for excitation with intensity level as 0.5MCE and 3MCE,
respectively. The size and shape of hysteresis loops are observed to vary as the
intensity of excitation level increases. Areas of these loops are indicative of energy
dissipation capability of the model pier. Specimen Type 2 showed higher load
carrying capacity than other specimen types. This establishes that dowels provide
additional resistance to the imposed displacement.

Strain profile along the height of the pier for longitudinal reinforcement, C1 is
plotted in Fig. 8. It was observed that specimen Type 2 had lower growth of strain
in all the stages of loading. In Type 1 specimen, the strain gauge at position 50 mm

At the beginning of Hybrid 
test

At the end of Hybrid 
test

Specimen Type 1

Specimen Type 2

Specimen Type 3

Fig. 7 Lateral force versus
lateral displacement of
different specimens
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from pier–foundation interface was observed to show highest strain in comparison
to the other four strain gauges in the longitudinal reinforcement. Thus, due to strain
compatibility, concrete in that zone also must be having maximum strain developed
leading to the formation of damaged zone, which was also evident from Fig. 6.

However, in the rest of the two specimens, the strain gauge at position 150 mm
from the pier–foundation interface showed maximum strain during 0.5 and 1MCE
intensity levels of excitation. It can be seen from the crack pattern in Fig. 6 that the
crack location was at 150 mm from pier–foundation interface during the same
stages of loading. However, during 2 and 3MCE intensity level, the crack location
in Type 3 specimen got shifted near the pier–foundation interface. This strain
pattern for Type 3 also showed maximum value at the interface zone. Further, Type
3 showed lower strain for all intensity levels in comparison to Type 1 specimen.

In order to determine the ultimate capacity, cyclic loading tests were carried out
after the completion of hybrid testing. This test program was performed as
quasi-static test with a cyclic loading frequency of 0.025 Hz. The first three cycles
of applied displacement amplitudes were ±10 mm and thereafter displacement
amplitude increment of 10 mm was implemented till the end of the test. The tests
were stopped, when the reinforcement got snapped off and/or the degraded load
carrying capacities of specimens were in the range of 70–80% of the peak load.
Further, the damage pattern in the pier–foundation interface zone was monitored
(Fig. 9) and the test was stopped when the damage in that zone was serious enough
from the viewpoint of overall safety of the set-up. Energy dissipation for each
amplitude level was computed as the average area enclosed under the hysteresis
loops and the cumulative energy dissipation at a particular displacement level is
calculated by summing the individual areas of preceding displacement level with
current displacement level. Specimen Type 2 performed better compared to other
two specimens as can be seen from Figs. 9 and 10.

0.5MCE 1MCE

2MCE 3MCE

Fig. 8 Strain profile of
longitudinal reinforcement C1
at a 0.5MCE b 1MCE
c 2MCE d 3MCE levels of
excitation
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5 Conclusions

The results obtained from hybrid testing of three types of scaled pier specimens
were examined to explore the efficiency of additional features in the column–
foundation interface region in bridge structure. Out of the three piers, one pier
contains dowel reinforcement in the plastic hinge region and the other one contains
corrugated sheet at the foundation in an attempt to shift the crack location from
pier–foundation interface region. Strain gauges were used to measure strain in
reinforcement in all the specimens. Based on the results of this study, the following
important conclusions are drawn:

1. Dowel reinforcements in bridge pier are effective in re-localization of damage
away from pier–foundation interface zone. Rehabilitation work would thus be
easier.

2. The profile of growth of strain development along the height of the pier is highly
demonstrative of such shift in damaged zone.

Specimen 
Type 1

Specimen 
Type 2

Specimen 
Type 3

Fig. 9 Damage pattern at the
end of cyclic test

Fig. 10 Energy dissipation at
different drift ratio in cyclic
test
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3. Use of corrugated sheet also has the potential for crack re-localization by
appropriate selection of gauge size of sheet.

4. The experimental investigation using hybrid simulation is an efficient technique
for the evaluation of seismic performance of a complete structural system.
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CFD and Wind Tunnel Investigations
on Rectangular Building
with Corner Cuts

A. Monica, P. Harikrishna, K. Nagamani and G. Ramesh Babu

Abstract Aerodynamic modifications at corners are considered an effective
countermeasure to minimize the wind-induced load and load effects. One of the
effective corner modification measures is provision of corner cuts to reduce
wind-induced along-wind loads and cross-wind vibrations of the building.
However, the corner modifications are provided usually throughout the height of
the building. The present study deals with the effect of providing corner cuts over
limited heights from top of the building. A 1:2:5 rectangular building has been
considered for the present study. A corner cut size of 7.5% has been considered. To
study the effect of spread over of corner cut over the height of the building, a total
number of four cases have been considered, viz. (i) building with full-height corner
cut, (ii) building with half-height corner cut, (iii) building with one-third-height
corner cut and (iv) building with no corner cut. The study is carried out by using
both computational fluid dynamics and wind tunnel experiments. CFD studies
included angles of wind incidence of 0° and 90° under open terrain condition. The
wind tunnel investigations included pressure measurements on a rigid model with
1:300 geometric scale under simulated open terrain condition for angles of wind
incidence of 0°, 45° and 90°. Using the measured pressures, pressure coefficients,
drag and lift force coefficients have been evaluated. The effectiveness of the corner
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cut over different heights of the building model has been studied by comparing the
evaluated aerodynamic coefficients. Further, numerical results are compared with
experimental results for validation purpose.

Keywords Rectangular building � Corner cut � Angle of attack
Wind tunnel experiment � CFD � Aerodynamic coefficients

1 Introduction

Wind-induced motion of a tall building can be controlled either by reduction at the
source, i.e. geometry, or by reducing the response by using dampers/controllers. An
appropriate choice of building shape and aerodynamic modifications can result in
the reduction of motion by altering the flow pattern around a building. The aero-
dynamic modifications of a building’s cross-sectional shape, variation of its
cross-section along the height, or even its size, can significantly reduce building
response in along wind as well as across wind direction by altering the wind flow
pattern around the building. Aerodynamically efficient plan shapes are shown to be
an effective means of suppressing wind-induced loads. Among the aerodynamic
modifications for building corners, the corner cut (or) corner recession has been
considered for the present study. The corner cut is defined as the ratio of b/B where
b indicates the cutting width of cornet cut and B indicates the section width of the
building in plan. Usually, these corner modifications are provided throughout the
building height to reduce various aerodynamic loads and their effects. Many
investigations have been carried out in the past regarding aerodynamic modifica-
tions. In Ref. [1], the study of aerodynamic stability of rectangular cylinders with
various corner cuts and attack angles under uniform flow condition, giving
importance to the effect on Strouhal number, was carried out. Ref. [2] used various
aerodynamic modifications to reduce the wind excitation of tall flexible buildings
and concluded that modifications to the building corners need to be applied to the
corner region greater than about 10% of the building breadth to be beneficial. In
Ref. [3], the study of 14 square tall building with recessed corners using
high-frequency force balance (HFFB) technique was carried out and concluded that
a corner recession ratio of 7.5% is best to reduce aerodynamic force coefficients and
is most effective and optimal.

However, most of the aforementioned studies on aerodynamic modifications
carried out by previous investigators were based on changes in plan dimensions of
the modifications. Virtually, no work has been reported in the previous literature
regarding the effects of providing corner cuts over specific heights from top of a
building. Therefore, the present study is intended to investigate the effect of corner
cut over limited heights of a rectangular building by carrying out experimental
studies using wind tunnel and numerical simulation studies using computational
fluid dynamics and to validate the numerically obtained aerodynamic coefficients
with experimental results.
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2 Experimental Setup

The boundary layer wind tunnel facility at CSIR-SERC was used for the present
study. The size of the test section of the wind tunnel is 18 m � 2.5 m � 1.8 m
(adjustable ceiling) with a variable speed of 0.5 to 55 m/s. The data has been
collected for wind speed of ŪH = 13 m/s. The data was measured using ESP
pressure scanners which were in turn connected to the pressure tubes at each level.
The sampling rate was 695 samples per second per channel with an acquisition time
of 16 s. The measured pressure data has been processed to evaluate various aero-
dynamic coefficients, viz. pressure coefficients, local aerodynamic force coeffi-
cients, which are time-varying. From these coefficients, mean and standard
deviation values have been calculated for further comparison.

2.1 Test Model and Conditions

In the present study, a 1:2:5 rectangular building has been considered to investigate
the effect of variation of specific height of the corner cut portion from the top of the
building through wind tunnel investigations. It is proposed to carry out pressure
measurements on 1:300 geometric-scaled model of the rectangular building with
(i) full-height corner cut, (ii) half-height corner cut, (iii) one-third-height corner cut
and (iv) no corner cut under simulated open terrain condition for three angles of
wind incidence (0°, 45° and 90°) as shown in Fig. 1. A corner cut ratio of 7.5% has
been adopted for the present study [3].

In the present study, a geometrically reduced rigid model of the rectangular
building is considered for themeasurement of surface pressures on the buildingmodel
to derive pressure coefficients, force coefficients, moment. The model is made of

Fig. 1 Four types of buildings under consideration
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3-mm-thick acrylic material. Geometric similarity is maintained between the model
and prototype by keeping the ratio of length dimensions, projected areas and volumes
of themodel equal. Themodel dimensions are 0.1 m � 0.2 m � 0.5 m. Themodel is
instrumented at six different levels (viz. at 0.1H, 0.3H, 0.5H, 0.7H, 0.9H and 0.95H)
along the height.At each level, 28 pressure ports have been provided circumferentially
with one port each at corner cut region as shown in Fig. 2.

A restrictor tubing system is attached to each of the ports which in turn are
connected to ESP pressure scanners with digital temperature compensation and
mounted inside the wind tunnel. In the present study, it is proposed to make the
pressure measurements on the instrumented building model under simulated open
terrain condition. The necessary flow conditions in the wind tunnel were generated
using vortex generators such as trip board of 30 cm height and seven boards of
smaller wooden roughness cubes placed on the test section. The mean velocity
profile with the power law coefficient of 0.14 and turbulence intensity profile and
spectrum of turbulent horizontal wind speed corresponding to an open terrain con-
dition were simulated to a scale ratio of 1:300. In this study, the effect of Reynolds
number is not considered. The present investigation focused on the comparison of
aerodynamic coefficients between the buildings with various corner cuts.

2.2 Evaluation of Aerodynamic Coefficients

A standard pitot tube is positioned at a height H (height of the model) on the
upstream side of the scaled model. Initially, the reference static pressure measured
using the pitot tube has been deducted from all instantaneous pressure measured

Fig. 2 Schematic diagram of plan of model with pressure tap locations
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from all the pressure taps on the building model. All the pressure coefficients were
subsequently deduced with respect to the reference pressure �pz, at heights (z/H) of
0.1, 0.3, 0.5, 0.7, 0.9 and 0.95 for Level 1, Level 2, Level 3, Level 4, Level 5 and
Level 6, respectively.

The pressure coefficient is calculated as the ratio of wind-induced pressure
(=measure pressure − mean static pressure) to the reference pressure, �pref . Further,
statistical analysis of these evaluated pressure coefficients has been carried out to
calculate mean and standard deviation values. The local forces per unit height Fx

and Fy along the X-axis and Y-axis, respectively, are computed by integrating the
measured instantaneous pressures along with respective tributary widths corre-
sponding to each pressure port. Further, the local drag force (Fd) and lift force (Fl)
at each level are deduced by resolving the evaluated instantaneous local Fx and Fy

along the aerodynamic axis parallel to the wind direction and along the aerody-
namic axis perpendicular to wind direction, respectively. Using these deduced local
drag and lift forces, the local drag and lift force coefficients at each level have been
obtained.

3 Experimental Test Results

3.1 Comparison of Mean Pressure Coefficients
for Angle of Wind Incidence 0°

For the purpose of plotting the pressure coefficient distributions along the cir-
cumference of the rectangular building model, the chord length is incremented with
the spaces provided between the individual pressure taps in the anticlockwise
direction to a maximum of 0.6 m (=0.2 + 0.1 + 0.2 + 0.1 m). For angle of wind
incidence of 0°, the distributions of mean pressure coefficient obtained from four
cases of corner cut spread over the height of the building, viz. (i) building with
full-height corner cut, (ii) building with half-height corner cut, (iii) building with
one-third-height corner cut (from top of the building model) and (iv) building
with no corner cut, have been compared in Fig. 3 for Level 5 (a typical case).

It can be seen from these figures that the on the windward face (chord length
between 0.5 and 0.6 m), there is little difference in the mean pressure coefficient
values among all the four cases of corner cut regions. In the base pressure region
(chord length between 0.2 and 0.3 m), the base pressure coefficient values are
observed to be nearly same for three cases of half-height corner cut,
one-third-height corner cut and no corner cut. On both the side faces (chord lengths
between 0.0 and 0.2 m and 0.3 and 0.5 m), the mean suction pressure coefficients
are significantly less for the case of building with full-height corner cut than those
for the other three cases.
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3.2 Comparison of Mean Pressure Coefficients
for Angle of Wind Incidence 45°

For angle of wind incidence of 45°, the distributions of mean pressure coefficient
obtained from four cases of corner cut spread over different heights of the building
have been compared in Fig. 4 for Level 5 (a typical case). In general, for most of
the levels, the mean pressure coefficients are well comparable, except for no corner
cut case. This indicates that for oblique angle of wind incidence, building with
one-third-height (from top) corner cut is as effective as building with full-height
corner cut.

3.3 Comparison of Mean Pressure Coefficients
for Angle of Wind Incidence 90°

For angle of wind incidence of 90°, the distributions of mean pressure coefficient
obtained from four cases of corner cut spread over different heights of the building
have been compared in Fig. 5 for Level 5 (a typical case). In general, for most of
the levels, the mean pressure coefficients are well comparable on the windward
(chord length between 0.0 and 0.2 m) and leeward faces (chord length between
0.3 and 0.5 m). However, on both the side faces (chord lengths between 0.2 and
0.3 m and 0.5 and 0.6 m), the mean suction pressure coefficients are observed to be
reducing with increase in corner cut region along the height.
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3.4 Local Force Coefficients

The variations of mean local drag coefficients with height are shown in Fig. 6 for
angles of wind incidence of 0°, 45° and 90°, respectively. It can be seen from Fig. 6
(for 0° case) that the mean local drag coefficient is nearly uniform about 0.8,
whereas for angles of wind incidence of 45° and 90° (Figs. 7 and 8), the mean local
drag coefficient values are observed to be around 1.0 and around 1.5, respectively.
These values are observed to be nearly uniform between 0.3H and 0.7H with edge
effects near the bottom and top regions. The standard deviation of local lift force
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coefficient values referenced to pH has been plotted in Fig. 7 for angles of wind
incidence of 0°, 45° and 90°, respectively. It can be seen from these figures that the
standard deviation of local lift force coefficient values referenced to pH is nearly
uniform over major portion of the height.
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3.5 Comparison of Overall Force Coefficients

In the present study, the effectiveness of spread of the corner cut over the height of
the building is investigated by comparing the overall force coefficients, which are
evaluated by considering pH as reference pressure for both overall drag and lift
force coefficients. Further, (B′ � H) has been considered as reference area for drag
force coefficients and (D′ � H) as reference area for lift force coefficients.

Table 1 provides mean and standard deviation of overall drag and lift force
coefficients of buildings models corresponding to all the four cases of corner cut
for angles of wind incidence of 0°, 45° and 90°. It can be observed from this table
that with reference to building with full-height corner cut, building with
one-third-height corner cut is observed to be nearly effective (with about 15%
difference) in reducing most of the coefficients except for mean and standard
deviation of overall drag coefficient for angle of wind incidence of 0°, and for
standard deviation of overall lift force coefficient for angles of wind incidence of
45° and 90°. For these specific coefficients, the full-height corner cut is observed to
be maximum effective.

4 Numerical Investigations

4.1 Computational Domain and Meshing

In the present study, a 1:2:5 rectangular building model of dimensions 0.1 m
(B) � 0.2 m (D) in plan and 0.5 m in height, which are identical to the dimensions

Fig. 8 Variation of mean pressure coefficient for 0° angle of wind incidence at Level 4 for
full-height corner cut
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of the building model considered for the wind tunnel investigations, has been
chosen for numerical simulation. Angles of wind incidence include 0° and 90°. The
total height of the problem domain is 18B which is same as that of the wind tunnel
in which experimental studies were carried out. The overall width of the problem
domain perpendicular to the flow direction is 25B which is same as that of the width
of wind tunnel. Wall (no-slip) boundaries were chosen for building surface and also
for top and bottom boundaries of the computational domain. Both the side
boundaries of the computational domain are defined as symmetry boundary.

The computational domain has been meshed by choosing the first cell width near
the walls of the prism as 0.02B. The distance of grid lines from the face of the
building is varied with a geometric series using a stretching ratio of 1:1 for smooth
variation.

4.2 Boundary Conditions

At the inlet boundary, a mean wind velocity profile with a of 0.14 and turbulence
intensity profile (Iu(z)) are used as per the wind tunnel simulations. The mean wind
velocity at the top of building has been defined as 10 m/s. At the symmetry
(free-slip) boundaries, i.e. both the side boundaries of the computational domain,
the velocity in the direction normal to the boundary was set equal to zero and also
the derivatives of all the flow variables in the direction normal to the boundary were
set equal to zero.

At wall boundaries, i.e. on the top and bottom of computational domain, the
velocities in all three directions are set equal to zero by default. Standard wall
function was used for wall boundaries to model the near-wall turbulence.
Second-order upwind differencing scheme was used for momentum, k and e
transport equations. Semi-Implicit Method for Pressure-Linked Equations
(SIMPLE) algorithm was used for coupling the pressure and velocity terms.

4.3 Numerical Simulations

Numerical simulations have been carried out for four cases of corner cut, viz.
(i) building with full-height corner cut, (ii) building with half-height corner cut,
(iii) building with one-third-height corner cut and (iv) building with no corner cut.
The simulations have been carried out for two angles of wind incidence of 0° (wind
direction perpendicular to shorter face of the building) and 90° (wind direction
perpendicular to longer face of the building).

Realizable k-e turbulence model has been considered in the present study.
Unsteady simulations have been carried out with time step of 0.000125 s. Flow
analysis has been carried out by adopting iterative approach till a stabilized solution
is achieved with convergence. However, due to the limitations in the turbulence
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model while using high magnitudes of turbulence intensities, the solution was
observed to be converged to steady-state solution. Hence, only mean pressure
coefficients and mean overall drag force coefficients have been obtained from the
numerical simulations.

4.4 Validation of Numerical Simulations

The numerically obtained pressure coefficient and mean overall drag coefficient
values at the selected levels of 0.1H, 0.3H, 0.5H, 0.7H, 0.9H and 0.95H have been
compared with the experimental values.

4.4.1 Comparison of Mean Pressure Coefficients for Building
with Full-Height Corner Cut

For angle of wind incidence of 0° and 90°, the numerically obtained mean pressure
coefficients of the building with full-height corner cut are compared with the
respective experimental values in Figs. 8 and 9, respectively, at Level 4 (a typical
case). For angle of wind incidence 0°, the numerically obtained mean pressure
coefficients are compared well with the experimental values at all the chord length
locations except near stagnation point, where the numerical values are observed to
be over-predicted by about 20%.

For angle of wind incidence of 90°, the numerically obtained mean pressure
coefficients on the windward face are observed to be over-predicted by about 40%

Fig. 9 Variation of mean pressure coefficient for 90° angle of wind incidence at Level 4 for
full-height corner cut
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in comparison with experimental values. The base pressure coefficient values are
observed to be under-predicted by at least 15% in comparison with experimental
values.

4.4.2 Comparison of Mean Pressure Coefficients for Building
with Half-Height Corner Cut

For angle of wind incidence of 0° and 90°, the numerically obtained mean pressure
coefficients of the building with half-height corner cut are compared with the
respective experimental values in Figs. 10 and 11, respectively, at Level 4 (a typical
case). For angle of wind incidence 0°, the numerically obtained mean pressure
coefficients are compared well with the experimental values.

For angle of wind incidence of 90°, the numerically obtained mean pressure
coefficients on the windward face are observed to be over-predicted by at least 15%
in comparison with experimental values, whereas the mean base pressure coeffi-
cients are observed to be under-predicted by about 40%.

4.4.3 Comparison of Mean Pressure Coefficients for Building
with One-Third-Height Corner Cut

The numerically obtained mean pressure coefficients for 0° angle of wind incidence
are compared well with the experimental values as shown in Fig. 12 at Level 5 (a
typical case). For 90° angle of wind incidence, the numerically evaluated mean
pressure coefficients are observed to be over-predicted by at least 20% in com-
parison with experimental values (Fig. 13).

Fig. 10 Variation of mean pressure coefficient for 0° angle of wind incidence at Level 4 for
half-height corner cut
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4.4.4 Comparison of Mean Overall Drag Force Coefficient

The numerically obtained mean overall drag force coefficients are compared with
the experimental values in Table 2. It can be seen from Table 2 that the numerically
obtained mean overall drag coefficient is compared well with the experimental
values with about ±10% difference.

Fig. 11 Variation of mean pressure coefficient for 90° angle of wind incidence at Level 4 for
half-height corner cut

Fig. 12 Variation of mean pressure coefficient for 0° angle of wind incidence at Level 5 for
one-third-height corner cut
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5 Conclusion

Based on the observations, the following conclusions have been made:

1. The optimization of height over which corner cut needs to be provided has
partial benefit in reducing a few overall force coefficients, as much as corner cut
over full-height of the building

2. The numerical simulations can be used for sensitivity studies on mean overall
drag coefficient value (with expected differences of about ±10% in relation to
experimental results).

Fig. 13 Variation of mean pressure coefficient for 90° angle of wind incidence at Level 5 for
one-third-height corner cut

Table 2 Comparison of
overall force coefficients

Experimental Numerical

0° angle of wind incidence

No corner cut 1.112 1.08

Full corner cut 0.614 0.73

Half corner cut 0.892 0.90

One-third corner cut 0.955 0.958

90° angle of wind incidence

No corner cut 1.41 1.225

Full corner cut 1.17 1.126

Half corner cut 1.33 1.168

One-third corner cut 1.35 1.18
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Correlating Peak Ground A/V Ratio
with Ground Motion Frequency Content

Rahul Garg, Jaya Prakash Vemuri and Kolluru V. L. Subramaniam

Abstract Peak ground A/V ratio has been used an empirical parameter to estimate
ground motion frequency content and categorize ground motion suites for per-
forming nonlinear time history analyses of structures. Ground motions are usually
classified into three subjective categories: low A/V, intermediate A/V, and high A/
V to reflect low-, moderate-, and high-frequency contents, respectively. However,
the relationship between A/V and frequency is very complex as the A/V ratio
depends on faulting processes, distance from source to recording station, and local
geological conditions. Frequency content of earthquake waves is represented by
single-frequency parameters, such as mean period, Tm, and predominant period, Tp.
In this paper, the relationship between A/V and frequency parameters is explored.
Linear regression analyses are performed on data obtained from three major
earthquakes. Regression analyses indicate that the predominant frequency content
of the ground motion exhibits little or no correlation with A/V ratio. The A/V ratio
may be used as an empirical parameter to obtain an estimate of only the mean
frequency content of the ground motion.

Keywords Mean frequency � Predominant frequency � A/V � Fast Fourier trans-
form � Regression

1 Introduction

Dynamic response of structures is sensitive to the ground motion frequency. Apart
from the peak ground acceleration, the frequency content of the earthquake has
been recognized as a key parameter contributing to structural damage [1].
High-frequency earthquakes cause resonance in structures with high natural fre-
quencies which are usually low-rise buildings. Similarly, low-frequency earth-
quakes cause resonance for structures with low natural frequencies which are
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usually moderate height/tall buildings. Gradation of soils may also influence
whether low- or high-frequency waves are more damaging to the structure.
Fine-grained soils deform more under high-frequency motions, and coarse-grained
soils deform more under low-frequency motions.

For a proper seismic assessment, it is therefore important to estimate frequency
content. However, an earthquake wave consists of several frequencies and it is
essential to understand the distribution of amplitude among different frequencies.
This frequency distribution is typically understood from observations of the fre-
quency content obtained using fast Fourier transforms (FFTs). As the computation
of FFTs is tedious, a single parameter that characterizes the frequency content of an
input ground motion is considered useful. Single-frequency parameters, such as
mean period, Tm, and predominant period, Tp, have been employed to meaningfully
represent frequency content.

The A=V ratio has been used as an empirical parameter to estimate the ground
motion frequency content [2] and also to categorize ground motion suites for
performing nonlinear time history analyses of structures. As a seismic wave travels
through the earth’s layers, the peak acceleration of the observed ground motion
attenuates faster as compared to the peak velocity. The peak ground A=V ratio has
been suggested as an empirical parameter to observe the effect of the transmission
path on seismic wave characteristics such as amplitude, frequency content, and
significant duration. In particular, the peak ground ratio, A=V , has also been used to
approximate frequency content in seismic waves [2]. Zhu et al. [3] categorized
ground motions into three categories and discussed its seismological significance.
Sawada et al. [4] concluded that low A=V ratios signify earthquakes with low
predominant frequencies, broader response spectra, longer durations, long epicen-
tral distances, and site periods. Ground motions were classified as follows: low,
with A=V \ 0:8 g/m/s; intermediate, with 0:8 g/m/s \ A=V \ 1:2 g/m/s; and
high, with 1:2 g/m/s \ A=V . This classification of ground motions is subjective
because low A=V , intermediate A=V ratio, and high A=V ground motions are
assumed to subjectively reflect low-, moderate-, and high-frequency contents,
respectively. However, the relationship between A=V and frequency is complex as
the A=V ratio depends on faulting processes, distance from source to recording
station, and local geological conditions. The relationship between A=V , Tm, and Tp
has not been properly quantified in the literature. This paper explores this rela-
tionship based on seismic data recorded in Himalayan earthquakes.

2 Fast Fourier Transforms

FFTs are commonly used to transform seismic time history into frequency domain,
and the Fourier amplitude spectrum shows the distribution of ground motion
amplitude with respect to frequency. Fourier amplitude is computed as the square
root of the sum of the squares of the real and imaginary parts of the Fourier
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transform. FFTs highlight the frequency ranges at which seismic energy is con-
centrated. As an example, the characteristic frequency of the motions recorded in
the 1999 Chamoli Earthquake shows considerable fluctuations, indicating the
influence of local geology and topography. In particular, the ground motions at
Gopeshwar, situated near the valley, are unusually rich in low frequencies (see
Fig. 3) for the near-field motions and the energy is concentrated in a narrow band.
On the other hand, the ground motion recorded at Ukhimath, situated on a hill top,
is rich in high frequencies (see Fig. 6). Figures 1, 2, 4, and 5 show the horizontal
acceleration time histories.

3 Predominant and Mean Period

The predominant period is defined as the period at which the maximum spectral
acceleration occurs in a 5% damped acceleration response spectrum. It can also be
obtained as the period of vibration corresponding to the maximum value of the
Fourier amplitude spectrum. Figure 7 shows the predominant period identified from
the response spectrum.

The mean period, Tm, represents the average frequency content and is estimated
by Eq. (1) where Ci are the Fourier amplitudes, and fi represent the discrete Fourier
transform frequencies between 0.25 and 20 Hz [5]. The mean square frequency is
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Fig. 3 FFTs of Gopeshwar—L and T records—rich in low frequencies
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estimated using Eq. (1) with the term 1/fi replaced by fi. Figure 8 shows mean
period, Tm, computed using Eq. (1).

Tm ¼
X C2

i

fi

� �
=
X

C2
i ð1Þ

The mean period, predominant period, and A/V ratio for the 1991 Uttarkashi,
1988 Indo-Bangladesh, and 1988 Indo-Burma quakes are tabulated in Tables 1, 2,
and 3.

Fig. 7 Identification of predominant period parameter, Tp, from response spectrum

Fig. 8 Mean period of a seismic wave, Tm
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Table 1 Seismic parameters from 1991 Uttarkashi Earthquake

S. No. Record A/V (g/m/s) Tp (s) Tm (s)

1. Almora—L 1.33 0.26 0.39

2. Almora—T 1.7 0.22 0.40

3. Barkot—L 1.83 0.12 0.23

4. Barkot—T 1.64 0.26 0.25

5. Bhatwari—L 0.83 0.28 0.42

6. Bhatwari—T 1.41 0.62 0.54

7. Ghansiali—L 1.5 0.2 0.30

8. Ghansiali—T 1.47 0.18 0.26

9. Karnprayag—L 1.69 0.34 0.34

10. Karnprayag—T 2.11 0.34 0.33

11. Kosani—L 1.54 0.2 0.25

12. Kosani—T 2.07 0.18 0.24

13. Koteshwar—L 1.95 0.24 0.30

14. Koteshwar—T 1.69 0.28 0.33

15. Koti—L 1.46 0.34 0.54

16. Koti—T 0.9 0.36 0.45

17. Purola—L 1.57 0.2 0.29

18. Purola—T 2.04 0.2 0.29

19. Rudraprayag—L 2.58 0.12 0.15

20. Rudraprayag—T 1.91 0.12 0.17

21. Srinagar—L 3.44 0.08 0.16

22. Srinagar—T 2.5 0.08 0.19

23. Tehri—L 1.73 0.32 0.42

24. Tehri—T 0.68 0.26 0.71

25. Uttarkashi—L 1.42 0.24 0.29

26. Uttarkashi—T 1.59 0.24 0.29

Table 2 Seismic parameters from 1988 Indo-Bangladesh Earthquake

S. No. Record A/V (g/m/s) Tp (s) Tm (s)

1. Baigao—L 1.44 0.20 0.28

2. Baigao—T 1.10 0.12 0.56

3. Baithalangso—L 1.77 0.10 0.35

4. Baithalangso—T 1.66 0.18 0.39

5. Bamungao—L 1.93 0.08 0.25

6. Bamungao—T 1.18 0.18 0.37

7. Dauki—L 1.72 0.28 0.29

8. Dauki—T 2.43 0.16 0.28

9. Gunjung—L 1.28 0.20 0.43

10. Gunjung—T 1.47 0.28 0.38
(continued)
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Table 3 Seismic parameters from 1988 Indo-Burma Earthquake

S. No. Record A/V (g/m/s) Tp (s) Tm (s)

1. Baigao—L 3.39 0.12 0.15

2. Baigao—T 1.19 0.14 0.17

3. Baithalangso—L 1.11 0.20 0.22

4. Baithalangso—T 1.13 0.16 0.30

5. Bamungao—L 1.44 0.26 0.29

6. Bamungao—T 1.35 0.24 0.33

7. Berlongfer—L 1.48 0.34 0.41

8. Berlongfer—T 1.37 0.44 0.40

9. Bokajan—L 1.72 0.18 0.31
(continued)

Table 2 (continued)

S. No. Record A/V (g/m/s) Tp (s) Tm (s)

11. Haflong—L 1.60 0.12 0.30

12. Haflong—T 1.60 0.18 0.31

13. Hatikhali—L 2.00 0.14 0.19

14. Hatikhali—T 1.67 0.12 0.22

15. Katakhal—L 0.76 0.32 0.65

16. Katakhal—T 0.97 0.28 0.45

17. Kheliehriat—L 1.53 0.30 0.35

18. Kheliehriat—T 2.05 0.26 0.30

19. Mawphlang—L 1.43 0.18 0.20

20. Mawphlang—T 1.65 0.16 0.21

21. Nongkhlaw—L 1.82 0.20 0.24

22. Nongkhlaw—T 2.42 0.24 0.28

23. Nongpoh—L 1.49 0.16 0.22

24. Nongpoh—T 3.42 0.18 0.19

25. Pynursla—L 2.21 0.16 0.21

26. Pynursla—T 2.23 0.18 0.21

27. Saitsama—L 2.82 0.26 0.23

28. Saitsama—T 1.97 0.30 0.25

29. Shillong—L 2.38 0.10 0.18

30. Shillong—T 1.93 0.12 0.24

31. Ummulong—L 2.79 0.08 0.15

32. Ummulong—T 2.01 0.10 0.17

33. Umrongso—L 1.42 0.28 0.29

34. Umrongso—T 1.04 0.16 0.36

35. Umsning—L 2.14 0.24 0.22

36. Umsning—T 1.93 0.26 0.25

76 R. Garg et al.



Table 3 (continued)

S. No. Record A/V (g/m/s) Tp (s) Tm (s)

10. Bokajan—T 2.06 0.08 0.29

11. Cherrapunji—L 1.95 0.14 0.26

12. Cherrapunji—T 1.16 0.20 0.27

13. Dauki—L 2.58 0.24 0.29

14. Dauki—T 1.99 0.30 0.35

15. Diphu—L 1.01 0.12 0.29

16. Diphu—T 1.25 0.44 0.31

17. Doloo—L 1.18 0.22 0.56

18. Doloo—T 1.12 0.22 0.57

19. Gunjung—L 1.53 0.24 0.30

20. Gunjung—T 2.13 0.32 0.30

21. Hajadisa—L 1.55 0.22 0.25

22. Hajadisa—T 1.26 0.14 0.23

23. Harengajao—L 1.62 0.22 0.32

24. Harengajao—T 1.47 0.16 0.31

25. Hojai—L 1.95 0.18 0.25

26. Hojai—T 1.12 0.16 0.28

27. Jellalpur—L 0.95 0.32 0.63

28. Jellalpur—T 0.88 0.40 0.48

29. Jhirighat—L 1.04 0.38 0.53

30. Jhirighat—T 1.25 0.32 0.53

31. Kalain—L 0.72 0.76 0.74

32. Kalain—T 1.02 0.26 0.60

33. Umsning—L 3.15 0.18 0.19

34. Umsning—T 2.41 0.20 0.21

35. Umrongso—L 1.49 0.16 0.31

36. Umrongso—T 1.94 0.18 0.31

37. Ummulong—L 3.03 0.10 0.12

38. Ummulong—T 2.58 0.10 0.13

39. Silchar—L 0.90 0.38 0.62

40. Silchar—T 0.92 0.50 0.67

41. Shillong—L 3.67 0.10 0.15

42. Shillong—T 3.27 0.10 0.15

43. Saitsama—L 2.42 0.24 0.23

44. Saitsama—T 2.23 0.30 0.26

45. Pynursla—L 1.14 0.16 0.25

46. Pynursla—T 1.60 0.12 0.23

47. Panimur—L 3.05 0.18 0.18

48. Panimur—T 2.80 0.18 0.17

49. Nongstoin—L 2.87 0.24 0.22
(continued)
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4 Plots of Peak Ground A/V Ratio

Figure 9 shows the plot of A/V ratio versus mean period, Tm, for records obtained
from three earthquakes: the 1991 Uttarkashi Earthquake, 1988 Indo-Bangladesh
Earthquake, and 1988 Indo-Burma Earthquake. The moderate values of R2 indicate
a clear correlation between peak ground A/V ratio and mean period, Tm. Figure 10
shows a plot of the A=V ratio and the predominant period, Tp, for the same set of
seismic records. A poor correlation with high scatter is observed, indicating little or
no relationship between these parameters.

In both cases, a scatter is observed in the high-frequency region, indicating that
the linear relationship is stronger for earthquakes containing lower-frequency
content. The scatter in the high-frequency region is explained using other seismic
parameters such as distance, strong motion duration, local site conditions, and Arias
intensity. Statistical analyses of seismic data from other major Himalayan earth-
quakes indicate similar trends.

Table 3 (continued)

S. No. Record A/V (g/m/s) Tp (s) Tm (s)

50. Nongstoin—T 1.59 0.24 0.24

51. Nongkhlaw—L 1.80 0.32 0.28

52. Nongkhlaw—T 2.27 0.32 0.26

53. Mawsynram—L 2.53 0.08 0.17

54. Mawsynram—T 2.26 0.08 0.18

55. Mawphlng—L 3.07 0.20 0.21

56. Mawphlang—T 2.63 0.22 0.21

57. Mawkyrwat—L 1.82 0.10 0.16

58. Mawkyrwat—T 2.10 0.10 0.19

59. Loharghat—L 1.58 0.26 0.53

60. Loharghat—T 1.12 0.26 0.57

61. Koomber—L 1.26 0.48 0.54

62. Koomber—T 1.05 0.24 0.54

63. Khlieriat—L 2.40 0.30 0.23

64. Khlieriat–T 2.25 0.20 0.26

65. Katakhal—L 0.63 0.76 0.90

66. Katakhal—T 0.71 0.42 0.73
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5 Conclusions

In this study, a database of strong ground motions from major Himalayan ground
motions is analyzed. Ground motions are characterized using parameters such as
peak ground acceleration, peak ground velocity, epicentral distance, mean fre-
quency content, predominant frequency content, strong motion duration, and Arias
intensity. The predominant frequency is represented by the predominant period, Tp,
which is the period at which the maximum spectral acceleration occurs in an
acceleration spectrum. The mean frequency content is represented by the mean
period, Tm, which is estimated using Fourier amplitudes. To explore the relationship

A/V = 3.3723e
-2.28(Tm)

R² = 0.62
A/V = 3.13e-1.99(Tm)

R² = 0.58A/V = 3.13e-2.05(Tm)

R² = 0.61
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Fig. 9 Peak ground A=V ratio versus mean period, Tm (moderate correlation)
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Fig. 10 Peak ground A=V ratio versus predominant period, Tp (poor correlation)
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between various ground motion parameters, correlation analyses are performed on
the tabulated data. The range of A/V in these data sets varies from 0.5 (low) to 4.0
(very high).

It is clear that motions with different frequency content can have the same
predominant frequency. Hence, Tp can only indicate the location of the peak in the
acceleration response spectrum but cannot explain the dispersion of the frequency
content around the peak. It is concluded that the A=V ratio is a useful parameter to
obtain an estimate of only the mean frequency content of the ground motion.
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Along Wind Response
of Communication Tower
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Abstract Presently, communication technology has become significantly impor-
tant. The need for tall towers has been increasing with the requirements for effective
communication, particularly for television, radio, GSM, and Internet traffic.
Analysis and design of these dynamically sensitive towers are generally governed
by the wind loads. Wind excitation induces fluctuating stresses in the members of
the tower leading to fatigue damages of the members. In achieving safety with
economy for construction, accurate determination of wind load is important. Design
wind loads are calculated from the provisions given in the codes and standards.
Communication towers subject to vibrations due to wind gusts, which are analyzed
using the gust load factor method. This method gives an accurate estimation of
wind response of the structure as it considers the resonant component of wind loads.
In this paper, microwave lattice tower heights of 21, 30, and 50 m are considered
and wind forces are determined using IS 875-1987, IS 875 (Draft), ASCE 7-2010,
AS-NZS 1170.2-2011, and HK-2004 design codes and standards. These towers are
analyzed for wind velocity of 39 m/s under terrain category-I, terrain category-II,
and terrain category-III, and results are compared. It is observed that there is
variation in the wind loads and this is primarily due to the difference in definition of
wind field features in the compared codes and standards.
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1 Introduction

In current century, communication technology is at peak. Due to the growth in use
of mobile phones had increased the demand in design and implementation of
communication towers. In case of emergency (natural disasters), communication
towers play a vital role in transfer of emergency protocols. Further, another pre-
dominant application is in military (defense) where these towers use radar tech-
nology. These towers are used to broadcast or to send and receive data
(information) through radio waves such as radio, television, cell phones. They send
and receive the information through antennas which are supported on these towers.
They are generally made up of steel sections.

The towers are analyzed for self-weight, wind load, earthquake load, and ice
load if any. Wind loads are most predominant loads governing on the towers. Wind
excitation induces fluctuating stresses in the tower with different amplitudes which
will be developing fatigue damages in the members. Hence, it is necessary to do
wind analysis and know the response of structure. The response of structure to wind
depends on wind characteristics. These structures are sensitive to wind, and
therefore along wind response is important.

In the previous studies, Venkateswarlu et al. [1] had done the stochastic analysis
to calculate dynamic wind response on microwave lattice tower. The gust response
factor computed was compared, with values obtained by formulae recommended by
Indian, Australian, British, and ASCE standards with derived simplified expres-
sions. Harikrishna et al. [2] have done analytical and experimental studies on the
gust response of a 52-m-tall steel lattice tower under wind loading. Analytical
comparison of calculation of gust factor is done by different codes, i.e., Indian,
Australian, and British codes. British standards and Australian standards for steel
lattice towers recommend different GRFs for the design of main leg members and
main bracings, and for serviceability criteria.

In this paper, procedure given for calculating wind load is reviewed and compared
with different international wind codes and standards. To highlight the comparison,
examples on microwave lattice tower of heights 21, 30, and 50 m have been selected
and the responses had been obtained according to IS 875-1987 (Indian code) [3], IS
875 (Indian Draft code) [4], ASCE 7-2010 (American code) [5], AS-NZS
1170.2-2011 (Australian code) [6], and HK-2004 (Hong Kong code) [7].

2 Provision for Wind Load

Most of the international codes have given procedures to calculate wind load by
gust factor method. As per Indian Wind Code, building and closed structures with a
height to minimum lateral dimension ratio of more than 5 or building and structures
whose natural frequency in the first mode is less than 1.0 Hz shall be examined for
dynamic effects of wind.
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For calculation of wind loads, codes and standards have given different
parameters which affect the wind loads. Important parameters include basic wind
velocity, risk factor/terrain categories, design wind speed, design wind pressure,
force coefficient, and gust factor. The codal comparison is tabulated in Table 2.

2.1 Terrain Category

Terrain category is the characteristic of the surface irregularities of an area which
arises from natural or constructed features. In Indian and Australian codes, terrain is
classified into four categories. American code terrain is classified into three different
categories. Hong Kong code has only one category. In this study for comparison of
codes, three categories are considered and explained as follows.

Terrain Category 1—Exposed open terrain with few or no obstructions and in
which the average height of any height of any object surrounding the structure is
less than 1.5 m (includes sea coast regions and flat treeless plains).

Terrain Category 2—Open terrain with well-scattered obstructions having height
between 1.5 and 10 m.

Terrain Category 3—Terrain with numerous large high closely spaced obstructions.

2.2 Basic Wind Velocity

Basic wind speed (Vb) depending on the location of tower is required for analysis.
In every code, there are maps or predetermined basic wind velocity according to
location. This basic wind velocity is calculated by taking average gust time of 3 s;
10 min; or 1 h. In IS875(Part 3), ASCE 2010, and AS-NZS 2011, the average gust
speed is 3 s for height of 10 m above the ground, and in Hong Kong code, the
average gust speed is given for 1 h.

2.3 Averaging Time

Different codes and standards have different average interval time. Generally, three
averaging values adopted in codes and standards are 3 s, 10 min, and 1 h.
A summary of averaging time for basic wind speed, gust loading factor, and
wind-induced response given in codes and standards is tabulated in Table 1.
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2.4 Design Wind Speed

The basic wind speed is converted to design wind speed by considering the effects
of terrain, topography, importance of structure, ground roughness, return period and
size of the structure, and local topography. General design wind speed is given as

DesignWind Speed Vzð Þ ¼ Vb � k1 � k2 � k3 ð1Þ

where Vb is basic wind speed and k1, k2, and k3 are factors for topography,
importance of structure, return period of structure, and directionality factor.

2.5 Design Wind Pressure

Design wind pressure is calculated by multiplying design wind speed multiplied
with factor to convert it to pressure. For design wind pressure, Hong Kong code is
giving direct values with respect to height. In other country codes, it is generalized
as stated in Eq. (2).

Pz ¼ 0:5 � q � V2
z ð2Þ

where q is density of air.

2.6 Force Coefficient

Force coefficient is calculated by calculating solidity ratio. Solidity ratio is equal to
the effective area (projected area of all the individual elements) of a frame normal to
the wind direction divided by the area enclosed by the boundary of the frame
normal to the wind direction.

Force coefficient for lattice towers of square or equilateral triangle section with
flat-sided members for wind blowing against any face is given in codes. In this
paper, flat-sided members are considered.

Force coefficient variation for 21 m tower is given in Fig. 1.

Table 1 Averaging time in codes/standards

Code IS 875-1987 Draft Code IS 875 AS/NZ 1170 ASCE7-2010 HK-2004

Vb 3 s 3 s 3 s 3 s 1 h

GLF 1 h 1 h 1 h 3 s 1 h
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2.7 Gust Loading Factor

In general, wind speed in the atmosphere increases as increase in the height from
zero at ground level to maximum at the required height. For calculation purpose,
this wind variation is separated into two parts, i.e., mean and fluctuating compo-
nents. Mean wind load component is calculated from average wind speed decided
for particular region recommended in different codes. Fluctuating component is
evaluated by considering dynamic amplifications, size reduction effects, and tur-
bulence in wind. This is taken into account in determining gust average time as
considered in codes and the gust factor. The gust factor converts the dynamic
response phenomena of wind into static one for effective and easy design of
structure. It is the ratio of peak wind gust and average wind speed over a period of
time. Gust factor is calculated by the equations given in codes.

3 Results and Discussion

To compare the international codes/standards considered in this study, example
towers are analyzed using each standard. Microwave square lattice towers of 21 m
height as shown in Fig. 2, 30 m height as shown in Fig. 3, and 50 m height as
shown in Fig. 4 are considered.

Fig. 1 Variation of force
coefficient with respect to
height
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Wind loads are calculated for terrain category-I, terrain category-II, and terrain
category-III. The wind force is calculated for basic wind velocity of 39 m/s with
damping ratio as 0.02. As per Indian codal provision, the risk coefficient (k1) is
taken as 1.06 and topography factor (k3) as 1, whereas the terrain height factor (k2)
varies with respect to height.

The along wind force response for towers under three terrain categories as per
Indian code, Australian code, American and Hong Kong code is calculated. The
shear forces and base bending moments due to wind force in along wind direction
are compared and are given in Figs. 5, 6, 7, 8, 9, and 10.

Fig. 2 Microwave tower
details of 21 m height
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From the comparison, it is observed that for terrain category 1 and terrain
category 2 IS 875-1987 code is giving higher values for all three heights of tower
whereas for terrain category 3 American code is giving higher values for all three
heights of the illustrated tower.

Fig. 3 Details of microwave lattice tower of 30 m height
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Fig. 4 Details of microwave
lattice tower of 50 m height
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Fig. 5 Variation of shear
forces of 21 m tower for wind
velocity 39 m/s

Fig. 6 Variation of base
bending moment of 21 m
tower for wind velocity
39 m/s

Fig. 7 Variation of shear
forces of 30 m tower for wind
velocity 39 m/s
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Fig. 8 Variation of base
bending moment of 30 m
tower for wind velocity
39 m/s

Fig. 9 Variation of shear
forces of 50 m tower for wind
velocity 39 m/s

Fig. 10 Variation of base
bending moment of 50 m
tower for wind velocity
39 m/s
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4 Conclusion

All international codes and standards use gust factor method for estimating the wind
loads in along wind direction for slender structures like towers. Each code gives its
unique definition for different parameters like mean velocity, wind pressure, wind
field characteristics, risk factor, gust factor, and force coefficient. These differences
lead to variation in the wind load calculations for each code. However, the com-
parison is achieved by determining the factors affecting the along wind loads for
category 1, 2, and 3.

In category 1 and 2, IS 875 code gives nearly twice the value when compared
with results calculated using other codes. This may lead to uneconomical design of
towers. AS-NZS code and IS 875 draft code give nearly same value of forces due to
similar gust factor equations, whereas Hong Kong code gives varying force.

Force coefficient purely depends on the solidity ratio. As the tower height
increases, the tower width becomes less and thereby exposed area becomes more
and the solidity ratio increases which result in decreases in force coefficient values.
Gust factor also decreases as the height of tower increases in all the cases
considered.
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Predictive Models for Ground Motion
Parameters Using Artificial Neural
Network

J. Dhanya, Dwijesh Sagar and S. T. G. Raghukanth

Abstract In this article, a predictive model for ground motion characteristics is
developed using the artificial neural network (ANN) technique. This model is
developed to predict peak ground acceleration (PGA), peak ground velocity (PGV),
peak ground displacement (PGD), spectral acceleration at 0.2 and 1 s. The input
parameters of the model are moment magnitude (Mw), closest distance to rupture
plane (Rcd), shear wave velocity in the region (Vs30), and focal mechanism (F). The
updated NGA-West2 database released by Pacific Engineering Research Center
(PEER) is employed to develop the model. A total of 13,678 ground motion records
are used to develop the model. The ANN architecture considered in the study has
four input nodes in the input layer, three neurons in the hidden layer, and three
output nodes in the output layer. The ANN is trained by a hybrid technique
combining genetic algorithm and Levenberg–Marquardt technique. The results of
the study are found to be comparable with the existing relation in the global
database. The model developed can be further used to estimate seismic hazard.

Keywords Ground motion � Genetic algorithm � ANN � Attenuation relationship

1 Introduction

Ground motion prediction equations (GMPE) are essential in hazard estimation as well
as for the seismic analysis of the structures. There are several ground motion pre-
diction equations available across the globe using various regression techniques [1].
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Recently, artificial neural network (ANN) technique is adopted in the field of
earthquake engineering [2, 3]. The advantage of this method is that it is simple and
efficient in capturing the complex characteristics of earthquake ground motion in
comparison with other methods. But established ANN methodology might tend to
converge at local minimum [4]. This drawback is addressed by a hybrid technique
combining global optimization techniques like genetic algorithm (Ga) along with
Levenberg–Marquardt (LM) technique to train the ANN model developed [5].
Thus, this algorithm shares both global and local search methods and thereby
explores the full modal space. Another constraint is that the efficiency of model in
accurately predicting the physical phenomenon depends on the number of ground
motion data.

In the present study, the database available in the Pacific Engineering Research
Center (PEER) and Next Generation Attenuation (NGA)-West 2 is used. This is a
global database and hence is applicable for seismically active regions like
Himalayas as well. This work focuses on developing a ground motion prediction
model using ANN to determine peak ground acceleration (PGA), peak ground
velocity (PGV), peak ground displacement (PGD), and the spectral acceleration
(Sa) for 5% damping at time period 0.2 and 1 s. These values of spectral accel-
erations can be used to construct the design response spectra by following the
approach given in the international code [6]. Since the ground motion is mainly
influenced by the source, path, and site characteristic, moment magnitude (Mw),
fault mechanism (F), closest distance to fault plane (Rcd), and shear wave velocity
(Vs30) are chosen as input parameters. The ground motion prediction model so
developed is compared with the existing relation [7]. The sensitivity of each input
variable on the prediction is determined using Garson’s algorithm [8].

2 Methodology

2.1 Artificial Neural Network

Artificial neural network is developed in the early 1940s by McCulloch and
co-workers [9]. The basic architecture of a feed-forward, which does not have any
cyclic loop, ANN is illustrated in Fig. 1. It is clear that ANN architecture has an
input layer, hidden layer, and output layer. The number of nodes in the input and
output layers is equal to the number of input and output parameters, respectively,
that need to be modeled. The number of hidden layers and the number of neurons in

Fig. 1 Typical architecture
of artificial neural network
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the hidden layer vary depending on the complexity of the problem. The nodes in the
model are fully interconnected with connection weights. To determine these con-
nection weights, the data available for the modeling is split into three parts,
respectively, for training, validation, and testing. The training of ANN follows a
standard back-propagation algorithm. Thus, determination of connection weight is
an iterative process where first a set of weights are obtained by using training
dataset and then it is validated with the corresponding validation dataset. The
connection weights are updated using the training dataset only after comparing the
model with the validation dataset. This process helps to prevent the network from
over-fitting the model with respect to training dataset. One full training cycle is
termed as epochs. Thus, the connection weights are optimized after suitable itera-
tions and are checked for accuracy with the test dataset.

2.2 Hybrid Training Technique

Generally, Levenberg–Marquardt (LM) technique which locates local minima of
complex function through iterative procedure is used for training the data. The
solution of LM technique, which is a combination of steepest decent and Gauss–
Newton method [10], is known to converge relatively faster, but results are
dependent on the initial value. Hence, this method faces the disadvantage of getting
converged to local minima if the initial values are assumed incorrectly. Therefore,
in the present study, genetic algorithm, which is a global optimization technique,
formulated by bio-inspired operators such as mutation, crossover, and selection, is
used to determine the initial weights. The method is developed during the 1960s–
1970s in University of Michigan [11]. This is a stochastic search algorithm which
repeatedly modifies the population of individual solutions. Thus, each step indi-
vidual is selected at random from the current population and uses them as parents to
produce children for next generation. This is continued until the optimization cri-
terion is met [12]. Thus, hereby combining the local and global search techniques,
full modal space is investigated.

3 Statistics of Database Used to Develop Model

The PEER-NGA-West2 database [13] is used to develop the model in the present
study. A total of 13,678 ground motion records are selected from the database,
depending upon data quality. The magnitudes reported as surface wave magnitude
(Ms) and body wave magnitude (mb) are converted to moment magnitude (Mw)
using the expressions available in the literature [14]. Thus, there are 13,678 data
points for each input parameters of the model, viz. moment magnitude (Mw), closest
distance to rupture plane (Rcd), shear wave velocity in the region (Vs30), and focal
Mechanism (F) and for output parameters, viz. PGA, PGV, PGD, and spectral
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Table 1 Statistics of the input and output variables used in the development of model

Parameter Mw Rcd (km) Vs30 (m/s) F PGA
(cm/s2)

PGV
(cm/s)

PGD
(cm)

Sa0.20s
(cm/s2)

Sa1.00s
(cm/s2)

Mean 5.47 444.62 118.86 2.08 41.05 4.17 2.25 92.33 40.49

Std. Dev. 1.27 178.35 111.77 1.26 92.99 10.04 6.67 213.98 103.38

Kurtosis 1.76 7.74 26.36 2.00 57.74 69.55 640.97 67.80 61.54

Skewness 0.003 1.41 3.25 0.60 5.84 6.20 16.43 6.2 6.19

Minimum 3.20 89.32 0.05 1.00 0 0 0 0 0

Maximum 7.90 2100 1532.66 5.00 1734.70 256.62 365.92 4723.35 2057.14

Fig. 3 Histogram of output variables

Fig. 2 Histogram of the input variables
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acceleration at 0.2 and 1 s. The statistics of each of the parameter considered in the
model is summarized in Table 1. It is clear from the high value of kurtosis for
output variables that it follows a heavy-tailed distribution. The frequency distri-
bution of the respective parameters is shown in Figs. 2 and 3 for input and output
variables, respectively. The bin width of the distribution is according to Scott’s rule.

4 Ground Motion Predictions

The formulation considered for the development of ground motion prediction
equation in the present study is as follows:

ln ðPGAÞ
ln ðPGVÞ
ln ðPGDÞ
ln ðSa0:2sÞ
ln ðSa1sÞ

0
BBBB@

1
CCCCA

¼ f ðMw ln ðRcdÞ Vs30 F Þ ð1Þ

This functional form is modeled using suitable ANN architecture. According to
universal approximation theorem, a single hidden layer can sufficiently capture any
continuous and nonlinear function [15]. The number of hidden nodes is chosen as
three for the present model after due trial and error. The resultant mathematical
expression connecting the input and output parameters can be expressed as:

Yj ¼ f2

biasj;2 þ
Pm
k¼1

Wjk;2f1 biask;2 þ
Pn
i¼1

Wik;1Xi

� �
0
@

1
A ð2Þ

where f1 and f2 are the transfer function between input–hidden nodes and hidden–
output nodes, respectively, Xi and Yj are the input and output parameters, Wik,1 and
Wjk,2 are the connection weight between input–hidden nodes and hidden–output
nodes, respectively. Since the present work belongs to regression or function
approximation, tanh function is a better choice as a transfer function f1. A linear
transfer function is adopted for f2. The corresponding functional forms are as
follows:

f1ðxÞ ¼ 1� e�2x

1þ e�2x and f2ðxÞ ¼ x ð3Þ

Here, since tanh function is used, input and output parameters are scaled
between -1 and +1 using the following expression:
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Y ¼ a ðY � yminÞþ xmin; where a ¼ xmax � xmin

ymax � ymin
ð4Þ

where xmin and xmax have the value −1 and +1, respectively, and ymin and ymax

correspond to the minimum and maximum values of the parameter that is mapped.
The minimum and maximum values of each parameter considered are shown in
Table 1. In the present study, 70% of the data is used for training 15% for vali-
dation and 15% for testing. As explained, a hybrid method is adopted to train the
model; thereby, first, Ga technique is employed to determine the initial weights of
the network. Then, with these initial weights Levenberg–Marquardt technique is
employed to determine optimum connection weights. This hybrid process improves
accuracy of prediction model. The best performance of the model is obtained at 86
epochs. The final connection weights and bias for each link are summarized in
Tables 2 and 3. These weights can be used in Eq. (2) to obtain predictor variables.
Since the data is scaled, the actual prediction is obtained by substituting Yj of
Eq. (2) in the following expression:

Yj ¼ Yj þ 1
a

þ ymin ð5Þ

Table 2 Weights and bias between input and hidden layers

Weights Input (i) Number of hidden neurons (k)

Wik,1 1 2 3

Mw 5.7341 −2.3226 −1.3656

Rcd (km) −0.8715 15.2744 −2.6368

Vs30 (m/s) −0.3220 −3.3960 2.0168

F −0.9922 3.2470 −2.3971

biask,1 7.3858 33.5215 −8.1236

Table 3 Weights and bias between hidden and output layers

Weights Input (i) Number of hidden neurons (k)

1 2 3 biasj,2
Wjk,2 PGA −0.6453 0.0747 −1.5183 −0.9400

PGV 4.8889 −3.0605 1.4563 0.1360

PGD 4.0965 4.2706 0.4316 −8.5381

Sa0.20s 0.3001 −1.3003 −3.4404 −2.3211

Sa1.00s −4.6001 1.1775 1.0026 4.6201
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4.1 Model Performance

According to hypothesis [16], a model is said to have strong correlation with the
input and output values if correlation coefficient |R| > 0.8 and the error values are
minimum. It can be observed from Fig. 4 that the model is having a high value of
R of the order 0.96 for the data used for training validation and testing. The
normalized root mean square errors, between observed and predicted data, are
estimated. The corresponding values for PGA, PGV, PGD, Sa (T = 0.2 s), and Sa
(T = 1 s) are only 0.061, 0.052, 0.060, 0.065, and 0.059, respectively. Hence, the
present model is observed to be efficient having good predictive ability.

Fig. 4 Regression fit of the
model with data

Fig. 5 Comparison of
variation of PGA with respect
to distance for 1990 Mw7.6
Chi-Chi earthquake
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Fig. 7 Comparison of variation of Sa (T = 0.2 s) with respect to distance for 1990 Mw7.6
Chi-Chi earthquake

Fig. 8 Comparison of variation of Sa (T = 1 s) with respect to distance for 1990 Mw7.6 Chi-Chi
earthquake

Fig. 6 Comparison of variation of PGV with respect to distance for 1990 Mw7.6 Chi-Chi
earthquake
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5 Comparison with Existing GMPE

The efficiency of the model can be better derived by comparing with the existing
GMPE. The present ANN model is compared with, one of the GMPE developed
from NGA-West2 database, Campbell and Bozorgnia [7] (CB-2014). Figures. 5, 6,
7, and 8 show the comparison of recorded data, present ANN model, and Campbell
and Bozorgnia [7] (named as CB-2014) relation for 1990 Mw7.6 Chi-Chi earth-
quake. It is clear from the figure that the present model is able to capture the data
efficiently and it is also following the same trend as that of the Campbell and
Bozorgnia [7]. Further, it is clear from Fig. 8, showing the variation of Sa at time
period 1 s with respect to distance, that the present model is better in predicting the
data at higher periods than that of Campbell and Bozorgnia [7]. The normalized root
mean square error of the present model is also observed to be less than that from
existing GMPE. Thus, the present model is observed to be better capable in com-
parison with the existing relation for predicting data.

6 Parametric Analysis

In order to check the robustness of the present model, a parametric analysis is per-
formed. Several combinations of input parameters are chosen for this purpose. Thus,
the variation of PGA, PGV, PGD, Sa (T 0.2 s), and Sa (T1 s) for strike-slip focal
mechanism is plotted with respect to distance for A Type (Vs30—1500 m/s) and C
Type (Vs30—560 m/s) soil conditions for earthquakes of magnitude 5.5, 6.5, and 7.5
as shown in Figs. 9, 10, 11, 12, and 13. It is clear from the plots that the groundmotion
parameters considered in the study are higher for higher magnitude and the values are

Fig. 9 Variation of PGA
with respect to distance (Rcd)
for different magnitude and
soil type
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attenuating with respect to distance conforming to the physical observations. It is
known that the ground motion parameters get amplified for soft soil with respect to
hard rock. The plots clearly show that the present model is able to capture this phe-
nomenon as well. Thus, the present model is in close agreement with the observed
ground motion characteristics and can be applied to get reliable estimates for a given
earthquake magnitude, distance to rupture plane, soil type, and focal mechanism.

Fig. 10 Variation of PGV
with respect to distance (Rcd)
for different magnitude and
soil type

Fig. 11 Variation of Sa
(T 0.2 s) with respect to
distance (Rcd) for different
magnitude and soil type
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7 Sensitivity Analysis

To understand the sensitivity of each input variable on output, relative importance
values are calculated using Garson’s algorithm [8]. This method essentially parti-
tions the hidden–output connection weights of the hidden neurons to that associated
with input nodes. The relative importance value of the input parameters is illus-
trated in Fig. 14. It is clear that Rcd exerts higher influence on the variation of
ground motion parameters. Further, Mw and Vs30 also have significant effects.

Fig. 12 Variation of PGD
with respect to distance (Rcd)
for different magnitude and
soil type

Fig. 13 Contributions of
input variable on the ANN
model developed according to
Garson’s method
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8 Summary and Conclusions

In the present study, a feed-forward ANN model is developed to predict peak
ground acceleration (PGA), peak ground velocity (PGV), peak ground displace-
ment (PGD), spectral accelerations at 0.2 and 1 s. The predictions are performed for
a given earthquake magnitude (Mw), closest distance to rupture plane (Rcd), shear
wave velocity (Vs30), and focal mechanism (F). The susceptibility of the model to
get captured in local minimum during the data training is addressed by assigning
initial weights obtained from, the established global optimization technique, genetic
algorithm. The comparison of the predicted model with the data and the existing
ground motion relation is observed to be consistent. The parametric study with
different combination of input parameters showed that the developed ANN model is
able to capture the physical characteristics of ground motion. Thus, the present
model is observed to be robust and can be easily applied to determine spectral
ground motion characteristics. This model can be applied for the determination of
seismic hazard and to obtain design response spectra.
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Effect of Topography on Earthquake
Ground Motions

Anjali Dhabu, J. Dhanya and S. T. G. Raghukanth

Abstract The topography of a region significantly affects the ground motions
generated during an earthquake. Due to the computational complexities involved,
complete three-dimensional analysis of the effect of topography is not studied in
detail. The present study tries to understand this effect by simulating ground
motions on three-dimensional ridge and valley using a finite element methodology.
Here, first the simulated results from the developed model are compared with the
existing analytical expressions for wave propagation in two dimensions (2D). Then,
a study is performed with topography profile considered as Gaussian with different
source locations. The comparison between the cases is performed based on peak
ground displacement (PGD) and peak ground velocity (PGV) amplification ratios. It
is noted that the location and amplitude of amplification are related to the relative
position and depth of source with respect to topography. The study also attempts to
develop a relationship between the amplification ratios and topographic gradient.
The developed models can be used as a basis to estimate the possible amplification
that can occur at a site due to an earthquake.
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1 Introduction

Regions with varying topography are subjected to colossal destruction when struck
by an earthquake. The earthquake ground motions in such regions lead to several
other natural hazards like landslides, soil liquefaction and further intensify resulting
in damage. These damaging effects are clearly exemplified during the 2015 Nepal
earthquake of moment magnitude (Mw) 7.86, 2011 Sikkim earthquake of Mw, 6.9,
1934 Bihar–Nepal earthquake of Mw, 8.1, that occurred in the Himalayan region.
Therefore, studying the effect of topography on earthquake-induced ground motions
becomes important. The characteristics of ground motion are primarily governed by
(i) location and type of seismic source, (ii) the medium through which the waves are
propagating, and (iii) boundary condition. Topography of a region forms the
free-surface boundary condition. Several studies have been carried out in the past to
study the significance of topography on ground motions [1, 2] and to understand its
effects on wave propagation in 2D analytically [3, 4]. However, very limited studies
dealt with three dimensional (3D) modeling incorporating the topography, due to
complexities in representing the surface undulations [5]. Recently, the development
in finite element method has facilitated techniques that can model complex domain
with lesser numerical complexities and computational cost [6, 7]. These methods
are thus capable of incorporating the details of ground topography and material
anisotropy for simulation of three-dimensional wave propagation.

The present study aims at analyzing the effect of topography on ground motions
more extensively. Here, two types of topographies, namely ridge and valley, are
considered. The modeling and simulation are performed with the aid of an estab-
lished spectral finite element method (SPECFEM). The obtained results are ana-
lyzed in terms of peak ground displacement (PGD) and peak ground velocity
(PGV) amplification ratios.

2 SPECFEM

SPECFEM method is introduced for simulations in computational fluid dynamics
[6] and is later developed for simulating wave propagation in 3D earth model [7]. It
is more realistic for ground motion simulations because of its ability to consider the
actual surface topography and material anisotropy. Thus, it considers the effects due
to lateral variation in the compression wave and shear wave speeds due to changing
material property [8].

In this method, the region considered is first discretized into non-overlapping
hexahedral elements. Here, the high-degree Lagrange interpolant is used to repre-
sent functions on the element. The control points needed to define polynomial of
order n are (n + 1)3 Gauss–Lobatto–Legendre (GLL) points per element. After that,
each of these elements is mapped to a reference cube using Jacobian matrix. While
mapping, the method ensures non-singularity of the Jacobian matrix, particularly
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for boundary elements. The stability of numerical simulation is ensured by
Courant–Friedrichs–Lewy condition. According to this condition, the maximum
time step should be such that it is always less than the time taken by the wave to
travel through the smallest element. Finally, the equation of motion for all the
elements is assembled to form the global equation of motion as:

M€uþC _uþKu ¼ F ð1Þ

where M is the global mass matrix, C is the global damping or absorbing boundary
matrix, K is the global stiffness matrix, F represents the force or the source term,
and u is displacement. The method uses the Newmark b integration method to
march forward in time [8]. The detailed description of the method can be found in
the literature [7]. In the present work, SPECFEM3D Cartesian package, a collection
of FORTRAN subroutines, is used to simulate ground motions [9, 10]. These are
executed using parallel programming based on message passing interface (MPI).
For present study, the simulations are carried out in Rocks 6.1 (Emerald Boa)
Cluster with AMD Opteron (TM) processor installed with CentOS 6.3 operating
system. The machine has two nodes with 32 processors per node. Time required to
generate synthetic ground motions for each case considered is 24 h approximately.

3 Simulation of Ground Motions

A region of 300 km � 300 km � 80 km is considered to simulate ground motions
and thus study the effect of topography on it. The material property along the depth
of the region is, deliberated as per that for Himalayan region, summarized in
Table 1. In Table 1, Vp and Vs are the longitudinal wave and shear wave velocities,
respectively, and Qp and Qs are the corresponding quality factors.

Topography of a region can be characterized by its slope. A gentle slope sig-
nifies a smaller elevation spread out over a larger region, while a steep slope
signifies a topography of higher altitude spread out over a comparatively smaller
region. Thus, elevation and span of the topography are two features which can

Table 1 Material properties in Himalayan region

Depth (km) Vp (km/s) Vs (km/s) Density (gm/cm3) Qp Qs

0–0.4 3.5 2.00 1.8 50 25

0.4–1.0 5.0 2.86 2.40 80 50

1.0–15.0 5.2 2.97 2.6 4000 2000

15.0–30.0 6.0 3.43 2.90 4000 2000

>30.0 8.33 4.83 3.30 1000 500

Source [17]
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geometrically describe topography. Therefore, in this study topographies are cate-
gorized in terms of different height (h) to length (l) ratio (h/l ratio).

In present work, first the synthetic ground motions are simulated with
topographies of specified h/l ratios and are compared with the available analytical
results. Then, a parametric study varying the topography and source location is
carried out to understand the variability of resultant ground motion and to establish
a preliminary relation between the amplifications observed in ground motions with
the slope of topography.

3.1 Comparison with Analytical Results

The diffraction of P, SV, and SH waves independently subjected to 2D topography
with different h/l ratio has been studied analytically in the past [11, 12]. The present
simulations being three-dimensional, a conical profile equivalent to the 2D trian-
gular profile considered for analytical studies are chosen. The schematic repre-
sentation of the conical topography with height h and length l considered for
comparison is shown in Fig. 1.

Thus, ground motions are generated for three cases with h/l ratios, viz. 0.375,
0.5, and 0.75. The region is discretized into 246 spectral elements along each
surface direction. The simulations are carried out with source of moment magnitude
Mw 7.5 and focal characteristic as strike angle 0°, dip angle 45°, and rake angle 90°.
This source is considered at a depth of 10 km from the flat surface and is placed
beneath the peak. The source is represented in terms of central moment tensor
(CMT) solution equivalent to the chosen earthquake characteristics [13]. Table 2
presents a comparison of the analytical amplification ratios [11] and the obtained
amplification ratios, the ratio of PGD at the peak to that obtained for a station far
from the peak.

It is clear from Table 2 that horizontal amplification ratios are increasing with
respect to the increase of h/l ratio of topography. The large variation in the values is
attributed to the difference in source, medium characteristics, and wave scattering
phenomenon that occurs. At the same time, it should be noted that the amplification
ratios are showing similar trend. Thereby, the present model can be said to be
comparable with the analytical results.

Fig. 1 Schematic
representation of conical
topography considered
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3.2 Effect of Topography on Ground Motion

A parametric study is performed with topographies considered as Gaussian distri-
bution, with zero mean and different standard deviations, and by varying source
locations with respect to peak. The layout of topographies considered, viz. ridge
and valley, along with the different source locations chosen is shown in Fig. 2a, b,
respectively. The four cases hence chosen for the study are summarized in Table 3.
It should be noted that the depth of source from the flat surface is 5 km in the first
case while it is 10 km in the next three cases.

It is also clear from Fig. 2 that the topographies are chosen to have a maximum
elevation of 8000 m and a height to length ratio of 0.05. This particular elevation
and aspect ratio are taken so that it resembles to that observed in Himalayas. The
material property is assigned as that shown in Table 1. The region is discretized into
246 spectral elements along each surface direction. The final discretized region for
ridge and valley is shown in Fig. 3a, b, respectively.

The source characteristics are same as mentioned in the previous section, but
placed at different location in conversant with the cases considered. Using this
model, synthetic ground motions are generated for duration of 135 s on a grid of
size 151 � 151, with each station approximately 10 km apart.

Table 2 Comparison of
amplification ratios

h/l ratio 0.375 0.5 0.75

Horizontal amplification ratio 11.06 11.89 18.34

P wave amplification ratio [11] 1.1 1.4 2

SV wave amplification ratio
[11]

2.7 3.1 2.4

(a)

(b)

Fig. 2 Topography profiles
considered in the study
a ridge b valley
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4 Results and Discussion

The synthetic ground motion, from the models, is studied in terms of amplification
ratio. Here, this ratio is defined as the ratio of PGD and PGV obtained at stations
when topography is considered to the PGD and PGV at the same station when
topography is not considered. A detailed illustration on the observations is dis-
cussed further.

Table 3 Cases considered in this study

Type of topography Source parameters Displacement
amplification ratio

Distance (km) from peak
of topography

Depth (km) Horizontal Vertical

Case 1: Ridge 0 5 58.41 185.5

Case 2: Ridge 90 10 8.078 6.275

Case 3: Ridge 90 10 8.355 6.552

Case 4: Valley 90 10 1.372 1.272

(a)

(b)

Fig. 3 Mesh created by
SPECFEM for a ridge
b valley
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4.1 Analysis of the Obtained Synthetic Data

The horizontal and vertical displacement amplification ratios for the cases men-
tioned in the earlier section are tabulated in Table 3. In first case, the earthquake
source is located exactly beneath the peak of the ridge, 10 km deep from the flat
surface. While in second case, the source is placed far away (approximately
250 km) from the peak. It can be noticed from Table 3 that the horizontal and
vertical displacement amplification ratios undergo a sudden decrease in case 2 as
compared to case 1. This is because of diminishing source effect as the distance
between source and topography increases. The horizontal and vertical amplification
patterns for cases 1 and 2 are shown in Figs. 4 and 5.

(a)

(b)

Fig. 4 Amplification ratios
for horizontal displacement
a case 1 b case 2

(a)

(b)

Fig. 5 Amplification ratios
for vertical displacement
a case 1 b case 2
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It can be observed from Figs. 4a and 5a that the region of maximum ampli-
fication is symmetric to the topography. This is because the source is located right
below the peak, whereas the maximum amplification for case 2 is observed on the
face of the profile away from the source location. This characteristic is confirmed
by simulations with source in a different location (case-3) and is shown in Figs. 6
and 7.

Further, the simulation is performed for valley (case-4) and the maximum
amplification is observed on the side closer to the source as shown in Fig. 8. These
phenomenon observed in the cases considered might be due to the focusing and
defocusing of waves during its traveling through the medium [14].

The amplification ratios for ground displacement obtained in this work are
comparable to the amplifications obtained for ground accelerations for the
numerical analysis carried out to study the response of three-dimensional hill near
Tarzana, California when subjected to shear waves polarized in different direc-
tions [15].

(a)

(b)

Fig. 6 Horizontal
amplification ratios for case 3
a displacement b velocity

(a)

(b)

Fig. 7 Vertical amplification
ratios for case 3
a displacement b velocity
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4.2 Relation Between Amplification Ratio and Gradient
of Topography

It is observed in the literature that soil properties like shear wave velocity are related
to the slope of topography [16]. Hence, for the present study it will be interesting to
check whether the amplification ratio also follows a similar trend. Hence, in this
paper, a regression analysis is carried out to determine functional relationship
between observed displacement and velocity amplification ratios with gradient of
topography, which can be used as an empirical relation to estimate amplification
factor at a site. Since in the analysis of structures the ground motion in horizontal
direction is mostly considered, the regression analysis currently carried out for
horizontal amplification ratios. Thus, amplification ratio is taken as dependent
variable which is influenced by the gradient of topography. Amplification ratios of
horizontal components of displacement and velocity are plotted against gradient
(Fig. 9).

The data points are fitted with a best fit line, and it is found that the displacement
and velocity amplification ratio for a given topography and source increase linearly
with the increase in gradient. The equation of best fit line and the standard deviation
in error is presented in Table 4. In the expression, DAR, VAR, and G correspond to
displacement amplification ratio, velocity amplification ratio, and gradient of
topography, respectively. This developed expression can be applied to estimate the
possible amplification factor at a site of given gradient.

(a)

(b)

Fig. 8 Horizontal
amplification ratios for case 4
a displacement b velocity
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5 Summary and Conclusion

The paper has tried to study the effect of three-dimensional topography on ground
motions. This is achieved by performing simulations using different cases of
topography profiles and source locations. It is observed that the region of maximum
amplification depends on the relative position of source with respect to topography;
i.e., in the case of ridge, maximum amplification occurs on the side away from the
source, while in the case of valley, maximum amplification is observed on the side
near the source.

Thus, the profile of topography and the position of source with respect to
topography play a significant role in deciding the region of maximum amplification
ratios. Further, amplification ratio is observed to follow an increasing trend with
increasing gradient of the topography. This study can be further extended to find a
generalized relation between the geographical features of the topography and the
amplification ratios for a given position and mechanism of source.

(a)

(b)

Fig. 9 Horizontal
amplification ratio versus
gradient a displacement
b velocity

Table 4 Derived relation
between amplification factor
and gradient of topography

Parameter Amplification ratio

Displacement Velocity

Model
equation

DAR = 15G + 0.84 VAR = 12G + 0.85

r (e) 0.417 0.394

116 A. Dhabu et al.



References

1. Bouchon M, Barker JS (1996) Seismic response of a hill: the example of Tarzana, California.
Bulletin of the Seismological Society of America 86(1A):66–72

2. Bouchon M (1973) Effect of topography on surface motion. Bull Seismol Soc Am 63(2):615–
632

3. Aki K, Larner KL (1970) Surface motion of a layered medium having an irregular interface
due to incident plane SH waves. J Geophys Res 75(5):933–954

4. Sills LB (1978) Scattering of horizontally-polarized shear waves by surface irregularities.
Geophys J Int 54(2):319–348

5. Lee SJ, Komatitsch D, Huang BS, Tromp J (2009) Effects of topography on seismic-wave
propagation: an example from northern Taiwan. Bull Seismol Soc Am 99(1):314–325

6. Patera AT (1984) A spectral element method forfluid dynamics: laminar flow in a channel
expansion. J Comput Phys 54(3):468–488

7. Komatitsch D, Tromp J (1999) Introduction to the spectral element method for
three-dimensional seismic wave propagation. Geophys J Int 139(3):806–822

8. Pavlov V 3D Partitioning in SPECFEM3D Internal Mesher. Available online at http://www.
prace-ri.eu/IMG/pdf/3D_Partitioning_in_SPECFEM3D_Internal_Mesher.pdf

9. https://geodynamics.org/cig/software/specfem3d
10. Komatitsch D, Vilotte JP, Tromp J (2015) Development team SPECFEM 3D cartesian user

manual version 3. Pirnceton University, CNRS, University of Marseille and ETH Zürich
11. Gaffet S, Bouchon M (1989) Effects of two-dimensional topographies using the discrete

wavenumber-boundary integral equation method in P-SV cases. J Acoust Soc Am 85
(6):2277–2283

12. Bouchon M (1985) A simple, complete numerical solution to the problem of diffraction of SH
waves by an irregular surface. J Acoust Soc Am 77(1):1–5

13. Aki K, Richards PG (1980) Quantitative seismology: theory and methods
14. Anggraeni D (2010) Modelling the impact of topography on seismic amplification at regional

scale. Enschede, UT-ITC 46
15. Bouchon M, Baker SJ (1996) Seismic response of a hill: the example of Tarzana, California.

Bull Seismol Soc Am 86(1A):66–72
16. Trevor IA, Wald DJ (2007) Topographic slope as a proxy for seismic site-conditions (VS30)

and amplification around the globe. Geological Survey (US), No 2007-1357
17. Yu G, Khattri KN, Anderson JG, Brune JN, Zeng Y (1995) Strong ground motion from the

Uttarkashi, Himalaya, India, earthquake: comparison of observations with synthetics using the
composite source model. Bull Seismol Soc Am 85(1):31–50

Effect of Topography on Earthquake Ground Motions 117

http://www.prace-ri.eu/IMG/pdf/3D_Partitioning_in_SPECFEM3D_Internal_Mesher.pdf
http://www.prace-ri.eu/IMG/pdf/3D_Partitioning_in_SPECFEM3D_Internal_Mesher.pdf
https://geodynamics.org/cig/software/specfem3d


Real-time Hybrid Simulation Using
an Electromagnetic Shaker

Mohit Verma, M. V. Sivaselvan and J. Rajasankar

Abstract This paper discusses a controller design strategy for the real-time hybrid
simulation using an electromagnetic shaker. A two-storey shear building is adopted
as the system whose response is emulated using hybrid simulation. The bottom
storey is taken as the physical subsystem while the top storey is taken as the virtual
subsystem. A control law is derived such that the mechanical impedance of the
electromagnetic shaker matches to that of the virtual subsystem. The control law is
validated by comparing the frequency responses of the virtual subsystem and the
electromagnetic shaker from the physical subsystem acceleration to the force
transferred. Finally, the experimental validation of the controller design strategy is
carried out by the hybrid simulation of the two-storey structure. The frequency
response obtained from the experiment and emulated system is found to be in good
agreement with each other.
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1 Introduction

Hybrid simulation is used to study the dynamic response of a structure by parti-
tioning it into two substructures—physical (PS) and virtual (VS). The interface
boundary condition is imposed on the PS by means of an actuator or shaker, and the
corresponding work conjugate is measured and fed back to the VS. Hybrid simu-
lation can be displacement-based or force-based depending on whether a displace-
ment or force from the VS is applied at the boundary on the PS. Correspondingly,
conventional hybrid simulation approaches use a displacement- or force-tracking
controller. In this paper, we use a control strategy for hybrid simulation, which does
not explicitly use a tracking controller. A shaker is used to apply forces on the PS.
The control input to the shaker is computed so that it produces the same force on the
PS as the VS would. This concept was developed by Stefanaki [1] (see also [2]) in
the context of a hydraulic shaker. Here, we apply it with an electromagnetic shaker.
Importantly, we use a very lightly damped PS, which poses major stability chal-
lenges using conventional approaches. The control law is experimentally validated
through real-time hybrid simulation of a two-storey structure.

2 Mathematical Model of Electromagnetic Shaker

The schematic of an electromagnetic shaker is shown in Fig. 1. Amathematical model
of electromagnetic shaker presented in this section has been adopted from [3, 4].

2.1 Principle of Force Generation

The electromagnetic shaker works on the principle that when a conductor carrying a
current is placed in a magnetic field, it experiences a magnetic force. The force
produced is proportional to the magnetic flux passing through the coil, the current
flowing through the coil and to the length of wire within the flux field.

Fig. 1 Schematic of an
electromagnetic shaker
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Mathematically,

F ¼ Bil ð1Þ

where B is the magnetic flux density, i is the current, and l is the length of the
conductor.

2.2 Back Electromotive Force (EMF)

According to Faraday’s law, the relative motion between the armature and the
magnetic field generates an EMF. The induced EMF resulting from a changing
magnetic flux due to the relative motion has a polarity that leads to an induced
current whose direction is such that the induced magnetic field opposes the original
flux change (Lenz’s law).

Eb ¼ �Blv ð2Þ

where Eb is the back EMF and v is the velocity of the armature.

2.3 Electrical Impedance of the Coil

Electrical impedance is the measure of the opposition that a circuit offers to a
current when a voltage is applied to it. If R and L are the resistance and inductance
of the coil, then the voltage E and current across the circuit are related by:

E ¼ Riþ L
di
dt

ð3Þ

2.4 Dynamic Equilibrium

The equation of motion of the armature of the electromagnetic shaker is given by:

ma€xt þ kaxt þ c _xt ¼ Bil ð4Þ

where ma is the total moving mass of armature assembly, ka is the stiffness of the
rubber bands in the shaker, and c is the equivalent viscous damping accounting for
the mechanical and eddy current damping in the shaker. If the control input voltage
is u, then the following equation can be obtained using Kirchoff’s voltage law:
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u� Bl _xt ¼ Riþ L
di
dt

ð5Þ

The model of the electromagnetic shaker is represented in the state-space form
given by the following set of equations:

_x1
_x2
_x3

2
4

3
5 ¼

0 1 0
� ka

ma
� c

ma

Bl
ma

0 � Bl
L � R

L

2
4

3
5

x1
x2
x3

2
4

3
5þ

0
0
1
L

2
4

3
5u ð6Þ

where x1, x2 represent the displacement and velocity of armature assembly and x3 is
the current.

3 Parameter Estimation of Electromagnetic Shaker

In this section, the parameters describing the dynamics of the electromagnetic
shaker are estimated. The experimental procedure described in [5, 6] was followed
for the estimation of the shaker parameters. After the estimation of the parameters,
the model of the electromagnetic shaker is validated to ensure that it sufficiently
captures the actual dynamics of the shaker. These parameters are then used for
deriving control law for hybrid simulation.

3.1 Test Set-up

The test set-up for the parameter estimation of the electromagnetic shaker is shown
in Fig. 2. APS 400 ELECTRO-SEIS shaker with the APS 0412—REACTION
MASS ASSEMBLY was used in the experiments. A non-contact laser-based
LVDT was used to measure the displacement of the shaker. An accelerometer was
also attached to the armature to record the acceleration of the reaction mass. The
command signals were sent to shaker using DATA PHYSICS dynamic signal
analyser which was amplified by APS 145 power amplifier. The amplified signal is
then fed as input to the electromagnetic shaker. The input to the shaker can be either
voltage or current depending upon the mode in which it is operated. The voltage
and current driving the electromagnetic shaker were read from the monitor output
from the power amplifier box. The displacement, acceleration, monitor voltage and
monitor current were fed back to the DATA PHYSICS to obtain the frequency
response.
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3.2 Parameter Estimation

The mechanical damping and stiffness of the rubber bands in the shaker are obtained
from the free vibration response of the shaker in the current off mode. The shaker was
perturbed from its equilibrium position. The displacement response of the shaker was
measured using LVDT. The amplifier gainwas evaluated by relating themagnitude of
the input voltage to the monitor voltage tapped from the power amplifier. The
inductance of the coil is obtained by approximating the transfer function from input
voltage to the current in voltage mode at higher frequencies. For evaluating the eddy
current damping, the shaker was operated in the voltage mode. The frequency
response of the shaker in voltagemodewasmeasured from the current in the coil to the
displacement. The overall damping (c) in the systemwas attributed to bothmechanical
and eddy current damping. The overall damping of the shaker in voltage mode was
obtained by fitting a value of damping such that the frequency response of the theo-
retically obtained transfer function matches with that obtained experimentally. The
rest of the parameters of the electromagnetic shaker were adopted from the data sheet.
The values of the electromagnetic shaker parameters are given in Table 1.

3.3 Validation

In order to validate the numerical model, the frequency response of the shaker was
obtained theoretically using the identified parameters. The frequency response thus

Fig. 2 Test set-up for
parameter estimation

Table 1 Parameters of
electromagnetic shaker

Parameter Value

Force-to-current ratio (Bl) (N/A) 19.62

Mass of the shaker (ma) (kg) 17.90

Damping in voltage mode (c) (Ns/m) 25

Stiffness of the rubber bands (ka) (N/m) 175

Coil inductance (L) (H) 0.022

Coil resistance (R) (X) 1.5

Amplifier gain (Gv) 4
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obtained is compared with that of experimentally obtained. The frequency response
of the shaker in voltage mode is shown in Fig. 3. The measured and the numerically
evaluated frequency response are found to be in close agreement.

4 Mathematical Model of Hybrid System

The emulated system whose response we want to evaluate using hybrid simulation
consists of a two-storey structure. The properties of the emulated system are given in
Table 2.Thehybrid systemconsists of shaker restingon topof thebottomstorey (Fig. 4).

The state-space model of the hybrid system is given by:

_x1 ¼ x2

_x2 ¼ � k1
m1

x1 � c1
m1

x2 þ ka
m1

x3 þ ca
m1

x4 � Bl
m1

x5 � w

_x3 ¼ x4

_x4 ¼ k1
m1

x1 þ c1
m1

x2 � ka
meff

x3 � ca
meff

x4 þ Bl
meff

x5

_x5 ¼ �Bl
L
x4 � R

L
x5 þ u

L

ð7Þ

Fig. 3 Frequency response of the electromagnetic shaker in voltage mode
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where x1; x2 are the displacement and velocity of first storey relative to the ground,
x3; x4 are the displacement and velocity of armature relative to first storey, x5 is the
current in the armature coil, m; k; c are the respective mass, stiffness and damping,
Bl;R; L are the force-to-current ratio, resistance and the inductance of the armature
and meff ¼ m1ma= m1 þmað Þ.

5 Control Law

The electromagnetic shaker has two inputs—PS acceleration and control input.
Shaker needs to transfer the same amount of force as the VS will transfer in the
emulated system [1, 2, 7]. The controller is evaluated using the following equation:

Huw ¼ HVS � Hfw

Hfu
ð8Þ

where Huw is the controller, HVS is the transfer function from bottom storey
acceleration to force transferred by numerical substructure in emulated system, Hfw

is the transfer function from bottom storey acceleration to force transferred by
electromagnetic shaker in hybrid system, and Hfu is the transfer function from
control input to the force transferred by electromagnetic shaker in hybrid system.

Table 2 Properties of emulated system

Parameter Value

m1 (kg) 94

k1 (N/m) 3 � 105

c1 (Ns/m) 106

m2 (kg) 17.9

k2 (N/m) 3 � 104

c2 (Ns/m) 42

Fig. 4 Schematics of the emulated and hybrid system

Real-time Hybrid Simulation Using an Electromagnetic Shaker 125



The frequency response of the electromagnetic shaker and VS from bottom storey
acceleration to the force transferred is compared in Fig. 5. The electromagnetic
shaker is able to emulate the dynamics of the VS.

6 Experimental Validation

The electromagnetic shaker was placed on top of a SDOF system represented by a
frame (Fig. 6). In order to limit the out-of-plane motion, braces were provided in
the transverse direction on both the sides of the frame.

The frequency response of the hybrid system was obtained by subjecting it to a
sweep sinusoidal base excitation whose frequency varied from 1 to 30 Hz in 300 s.
The acceleration of the bottom storey was measured. The bottom storey accelera-
tion obtained from the experiments is compared with that obtained from the
emulated system in Fig. 7. The responses obtained are found to be in good
agreement with each other.

7 Conclusions

The experimental validation of the controller design strategy for real-time hybrid
simulation using electromagnetic shaker was carried out. The parameters of the
electromagnetic shaker were estimated. The frequency response of the electro-
magnetic shaker obtained from the mathematical model using the estimated

Fig. 5 Comparison of the
force transferred by NS and
shaker in frequency domain
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parameters was found to match well with that obtained experimentally. Hybrid
simulation of a two-storey emulated system was carried out by taking the bottom
storey as physical substructure (PS) and top storey as virtual substructure (VS). The
top storey was replaced by the electromagnetic shaker in the hybrid system. The
frequency response of the hybrid system was obtained by subjecting it to a sweep
sinusoidal base excitation. It was found that the results obtained from the hybrid
simulation were in good agreement with the analytical response obtained from the

Fig. 6 Test set-up for hybrid simulation

Fig. 7 Comparison of the
bottom storey acceleration in
emulated and hybrid system
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emulated system. This validates the controller design strategy for the real-time
hybrid simulation using electromagnetic shaker.
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Dynamic Behavior of Freestanding
Spent Fuel Trays-Stack Without Base
Locator During Earthquake Event

Binu Kumar, O. P. Singh, G. R. Reddy, K. M. Singh, K. Agarwal
and N. Gopalakrishnan

Abstract Structural stability of freestanding stacks of trays containing spent fuel
bundles submerged in spent fuel water pool during earthquake is of greater concern
for safe storing and handling for further reprocessing of spent fuels. In the spent fuel
water pool, spent fuel bundles are stacked in 25–30 trays and kept on floor without
base locators or guide. Analytical procedures are not well developed to analyze the
complex phenomena accounting sliding, rocking, impact of these freestanding
trays-stack along with hydrodynamic effects of water mass. An experimental setup
was made, and a series of shake table experiment has been performed with 25 and
30 trays-stacks submerged in spent fuel water tank. Design ground earthquake
excitation of 0.1 and 0.156 g Peak Ground Acceleration (PGA) has been used in the
experiment. The dynamic responses of trays-stack and tank, namely displacement
and acceleration of stacked trays and tank wall, at different elevation recorded in the
shake table test are analyzed and compared with numerical method.
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1 Introduction

The seismic response of liquid storage tank/pool system has been studied exten-
sively in the past several decades. However, studies are limited to sloshing behavior
analysis of water contained in the tank/pool with or without submerged rigid block
system. Liu [1] has presented method for 2D analysis of a rectangular tank with an
internal rigid block to determine sloshing characteristics of contained liquid using
linear potential wave theory. Subsequently, Mitra [2] extended the study for dif-
ferent rigid block size using pressure wave theory without detailed analysis of
impulsive and convective pressure effect on the submerged block. Koh [3] pre-
sented finite element procedures for slosh dynamics analysis of water tank without
any submerged block. Chen [4] explained finite difference technique for nonlinear
sloshing analysis of two-dimensional rectangular water tank system under random
excitation.

Spent fuels received from reactor are kept in Trays-stacks submerged in water
pool for removal of thermal heat and radiation shielding. In a spent fuel storage
pool of a nuclear power plant or reprocessing plant, the hydrodynamic pressure of
spent fuel pool with stacks of tray is different from those in case of spent fuel pool
without stacks of trays.

The stacks of trays are freestanding over pool floor without bottom locators.
Under the seismic event, stacks of trays may slide and collide with neighboring
stacks or may topple. However, there is no literature on three-dimensional nonlinear
analysis of submerged multitrays-stack incorporating gap, friction, and sliding
between tray and floor and among trays including slosh dynamic effect of water.

In this paper, tri-axial nonlinear dynamic behavior of 25 and 30 spent fuel
trays-stack without bottom locators submerged in Spent Fuel Water Storage Tank
(SFWST) during shake table experiments is analyzed and discussed in details.
Simplified finite element methodology developed in Kumar [5, 6] is used for
numerical analysis of trays-stack with hydrodynamic pressure of sloshing water
mass. Gap, contact, and friction elements were modeled to simulate sliding and
uplifting/impacting of freestanding trays-stacks during seismic excitation.

The tri-axial shake table testing and finite element analysis are performed for
Design Basis Peak Ground Acceleration (DBPGA) [7] of 0.1 and 0.156 g along x-,
y-, and z-axis. The response spectra along vertical direction (z-axis) is two-thirds of
horizontal spectra (x- and y-axis). The design, target, and achieved spectra along x-
axis used in the shake table test are shown in Fig. 1. Various response parameters
such as slosh height, acceleration and displacement of trays, response frequency of
the system were measured, and details of the same are discussed below.
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2 Shake Table Testing

Shake table test has been performed considering two stacks of 25 and 30 trays
containing dummy fuel bundles submerged in water in Spent Fuel Storage Water
Tank (SFSWT) mounted on shake table at Advanced Seismic Testing and Research
Laboratory of Structural Engineering Research Centre (SERC), Chennai.

The servo-controlled shake table of size 4 m � 4 m has payload capacity of 50
tons. The Spent Fuel Storage Water Tank (SFSWT) of 22,500 liter full capacity
with two stacks of dummy fuel bundles submerged in water mounted on shake table
is shown in Fig. 2.

Instrumentations like displacement sensor, accelerometer, and underwater
pressure transducer have been mounted at different elevations to capture dis-
placement, acceleration, and hydrodynamic pressure, respectively. The location and
arrangements of sensors and gauges in the experiments are shown in Fig. 3.

Displacement sensors are used to capture the dynamic displacements of stack of
trays at different elevations and relative displacement between two stacks. This
strain gauge-based displacement sensor is calibrated using standard calibration rig.
Laser displacement sensor is also used to measure displacement of 30 trays-stack
and movement between two stacks during experiment.

Fig. 1 Target and Achieved
Response Spectra with Design
Response Spectra along x-axis

Fig. 2 Shake table setup for
30 trays-stack system
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PW-500 kPa-type dynamic pressure transducer of Tokyo Sokki Kenkyuio Co.,
ltd make were used to measure hydrodynamic pressure typically at bottom and top
location. Pressure transducer is strain gauge-based hydrodynamic pressure sensor.
Two ICP-type accelerometers having 941 mv/g sensitivity are fixed on the SFWST
wall to record the response of the tank in X- and Y-direction at top location.

The test was performed for stack trays without locators between bottommost tray
and floor. Table 1 shows the maximum displacement and acceleration of trays-stack
and tank wall at different stacks height observed during shake table testing for 0.1
and 0.156 g PGA.

Figure 4 shows the displacement time history for 30 trays-stack system sub-
merged in water without locator at bottom, respectively, for 0.1 and 0.156 g PGA
seismic excitation. The maximum displacement of 30th tray is 47.14 and 67.77 for
0.1 and 0.156 g PGA seismic excitation, respectively. Whereas, maximum 4.54 and
4.98 m/sec2 acceleration are recorded at top tray location for 0.1 and 0.156 g PGA
seismic excitation, respectively.

Figure 5 shows Fast Fourier Transformation (FFT) of displacement time histo-
ries of trays-stack recorded during the shake table testing. The dominant response
frequencies of the 30th and 18th trays are 0.56 and 0.53 Hz, respectively. Hence,

Fig. 3 Details of gauges in
experiment

Table 1 Maximum responses of 30 trays-stack and tank

Location Earthquake excitation of peak
acceleration 0.1 g

Earthquake excitation of peak
acceleration 0.156 g

Displacement
(mm)

Acceleration
(m/sec2)

Displacement
(mm)

Acceleration
(m/sec2)

18th Tray 30.03 N.R. 39.08 N.R.

30th Tray 47.14 4.54 67.77 4.98

Tank top N.R. 2.24 N.R. 2.95

N.R.—not recorded
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it can be inferred that the top 30th tray containing spent fuel bundles is under the
influence of convective pressure of the sloshing water. However, the 18th tray is
under the influence of convective and impulsive sloshing pressure.

Figure 6 shows the acceleration time histories of tank wall at top location for 0.1
and 0.156 g PGA seismic excitation. During shake table testing, maximum 2.24
and 2.95 m/sec2 accelerations are recorded at top tank wall location for 0.1 and
0.156 g PGA seismic excitation, respectively.
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Figure 7 shows the FFT of displacement time histories of 25 and 30 trays-stack
recorded during the shake table testing. The dominant response frequencies of the
30 and 25 trays are 0.56 and 0.67 Hz, respectively.

The FFT of acceleration time histories of tank top wall is shown in Fig. 8. The
resonance frequency of the tank wall is 7.93 Hz.

During shake table testing, no slipping or permanent movement of the tank trays
at the bottom was observed. Only displacement of stacks is observed due to con-
vective water mass and seismic excitation. During experiment, both stacks move in
phase with each other. Hence, gap of minimum 150 mm is maintained during test,
and collision or impact of two stacks of trays is not found. Hydrodynamic pressure
at different elevations on spent fuel water tank wall is also measured. At 0.51 m
above bottom, maximum pressure recorded is 15,523 Pa whereas at 2.71 m from
bottom of tank maximum pressure, 10,392.12 Pa is observed at 2.5-m-wide tank
side wall.
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3 Numerical Analysis

The simplified decoupled methodology developed in Kumar [5, 6] has been for-
mulated to analyze the trays-stack submerged in water tank. The flowchart of the
developed simplified decoupled methodology is shown in Fig. 9. As shown in the
Fig. 9, the analysis was carried out in three steps. First step comprises the dynamic
analysis of trays-stack without considering hydrodynamic effects. In the second
step, hydrodynamic pressure on the stack is estimated considering rigid stack
submerged in tank. In third step, the stacks have been analyzed for pressure time
histories obtained in second step. The results obtained in these steps were combined
to get final results which are compared with experiments.

The contained water in SFSWT is modeled using in-house Finite Element
Acoustic Field Analysis Code (FEAFAC) as given in Kumar [5, 6]. The discretized
structural dynamics equation is formulated using standard structural elements, i.e.,
beam, contact, gap, and sliding elements. The water mass is modeled using acoustic
wave equation. The acoustic wave equation is derived from fluid momentum
(Navier–Stokes) and continuity equations. In acoustic formulation, it is assumed
that the fluid is compressible, inviscid, and non-flowing medium. Also, the mean
density and pressure are assumed to be uniform throughout the fluid.

Figure 10 represents the finite element model of SFSWT with submerged
trays-stack used in the nonlinear numerical analysis. The numerical results obtained
are compared and validated with experimental results. The freestanding stack of 25
and 30 trays has been analyzed for 0.1 value friction coefficient (µ) using hydro-
dynamic pressure time history and seismic base excitation.

Fig. 9 Simplified methodology for fluid–structure interaction analysis in Kumar [5, 6]
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The general finite element equation solved in the analysis is shown in Eq. (1).
Newmark method [8] has been used for the time integration. Newton–Raphson
iterative scheme [9] has been used at each time step.

M½ � X
::n o

þ C½ � X
:n o

þ K½ � Xf g ¼ FEQf gþ Fhydrodynamic
� � ð1Þ

FFT of free surface displacement time history of 25 trays-stack system is shown
in Fig. 11. The slosh frequency of the water is 0.56 Hz. A typical mode shape of
the free surface is shown in Fig. 12. The slosh frequency computed from the present
code matches agreeable with experiment.

Figure 13 shows the hydrodynamic pressure variation along tank left wall
at different time. Maximum hydrodynamic pressure is observed at 20 s time.

Fig. 10 Finite element model
of SFSWT with submerged
trays-stacks
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This is due to seismic excitation which is maximum around 20 s that induces more
convective and impulsive pressure on tank wall.

4 Results and Conclusion

Table 2 shows that maximum displacement and acceleration of 25 and 30
trays-stack systems are recorded in tri-axial shake table test and obtained in
numerical analysis for 0.1 and 0.156 g Peak Ground Acceleration (PGA).

In the shake table experiment and numerical analysis, impact of adjacent
tray-stack is not observed. Also, no significant slipping of the tray-stacks at the
bottom was observed during the tests and finite element analysis.

Displacements of stacks generally increase with increase in base accelerations.
In phase motion (i.e. both Trays-Stack move in same direction) of trays-stack is
observed during the experiment and also observed in numerical analysis. Hence,
relative displacement between two stacks at top location is approximately
150±10 mm in shake table testing and numerical analysis. Maximum 11,800.10 and
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9097.18 Pa hydrodynamic pressure was recorded at bottom and top locations,
respectively, for 30 trays-stack for 0.156 g PGA. During shake table experiment
and numerical simulation, the 25 and 30 trays-stack system submerged in water
tank/pool are found safe and displacements are within safe limit. Slosh frequency
and mode shapes computed from developed code are in good comparison with the
shake table experiment results. It is observed from Table 2 that the maximum 12%
difference is estimated between shake table test and present code analysis for dis-
placement of 25 trays-stacks system. It is also observed that here stacks lie in the
region of convective waves; hence, the hydrodynamic pressure on the stacks will
induce more displacement of stack than in the case of without water.

The developed finite element code is capable of finding various essential
parameters like convective and impulsive frequencies, mode shape, hydrodynamic
pressure, and stack displacement. The developed simplified method is able to
predict the complex behavior of submerged stacks. Hence, the procedure evolved is
quite useful. Analysis gives reasonably acceptable results of displacement and
pressure.
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Free Vibration Analysis of Functionally
Graded Plates Under Thermal
Environment Using Four-Node
Quadrilateral Element

G. A. Deshpande and S. D. Kulkarni

Abstract In this work, the four-node quadrilateral element having seven degrees of
freedom per node developed earlier by the second author and his co-workers is
modified for free vibration analysis of functionally graded plates under thermal
environment. The performance of the modified element is assessed by comparing
the present results of non-dimensionalised natural frequencies with the available
analytical as well as the finite element results. It is observed that the performance of
the present element is quite satisfactory for the isotopic FGM plates under thermal
environment considered in this study with all edges simply supported as well as
with all edges clamped boundary conditions.

Keywords Functionally graded material � Finite � Discrete � Quadrilateral

1 Introduction

In many engineering fields, nowadays functionally graded materials are used for
structural applications. Functionally graded materials normally consist of two
phases, namely the metal phase and the ceramic phase. The ceramic phase can resist
the severe thermal loading and the metal phase prevents fracture caused by stresses
due to high temperature. Due to the special manufacturing process, these materials
are macroscopically homogeneous in spite of being microscopically inhomoge-
neous. Since functionally graded structures are most commonly used in
high-temperature environment, changes in mechanical properties of constituent
materials are expected. The material properties P that are temperature dependent
can be written as
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P ¼ P0 P�1T
�1 þ 1þP1T þP2T

2 þP3T
3� � ð1Þ

where P0;P�1;P1;P2 and P3 are the coefficients of temperature T Kð Þ and are
unique to the constituent materials. The effective material property through the
thickness is normally assumed to be according to the following power law,

P z; Tð Þ ¼ Pb Tð Þþ Pt Tð Þ � Pb Tð Þð Þ 2zþ h
2h

� �n
ð2Þ

where ‘n’ is the volume fraction index, Pb and Pt are the material properties at the
bottom and the top surface of the plate, respectively, and ‘h’ is the total thickness of
the plate. Poisson’s ratio depends weakly on temperature change and is assumed to
be constant.

In the present work, the element developed by the second author and his
co-workers Ref. [1]; for the analysis of single layer, functionally graded plate is
modified for the free vibration analysis of isotropic functionally graded plate under
thermal environment. The element presented in Ref. [1] has seven degrees of
freedom per node and is based on Reddy’s third-order theory. The C1 continuity
problem posed by Reddy’s third-order theory is circumvented by using the
improved Kirchhoff interpolation functions of Jeychandrabose et al. [2]. The per-
formance of the modified element is assessed for the free vibration analysis of two
types of isotropic FGM plates under thermal environment in comparison with the
available analytical as well as finite element results for the non-dimensionalised
natural frequencies. It is observed that for all the cases of FGM plates considered in
this study, performance of the modified four-node quadrilateral element based on
Reddy’s theory is quite satisfactory.

2 Formulation

2.1 Temperature Field Approximation

Temperature field is assumed to be uniform over the plate surface and varies only in
the thickness direction. The temperature distribution along the thickness direction
can be obtained by solving a steady-state heat transfer equation

� d
dz

K zð Þ dT
dz

� �
¼ 0; ð3Þ

T ¼ Tu at z ¼ h=2; T ¼ TL at z ¼ �h=2:

where ‘Tu’ and ‘TL’ are the temperatures at the top and the bottom surface of the
plate, respectively. The solution of this equation, by means of polynomial series,
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T Zð Þ ¼ Tu þ TL � Tuð Þ g Z; hð Þ ð4Þ

where

2Zþ h
2h

¼ m

g Z; hð Þ ¼ 1
C

m� kmc
nþ 1ð Þkc mð Þnþ 1

�

þ k2mc
2nþ 1ð Þk2c

mð Þ2nþ 1

� k3mc
3nþ 1ð Þk3c

mð Þ3nþ 1

þ k4mc
4nþ 1ð Þk4c

mð Þ4nþ 1

� k5mc
5nþ 1ð Þk5c

mð Þ5nþ 1
�

ð5Þ

C ¼ 1� kmc
nþ 1ð Þkc þ

k2mc
2nþ 1ð Þk2c

� k3mc
3nþ 1ð Þk3c

þ k4mc
4nþ 1ð Þk4c

� k5mc
5nþ 1ð Þk5c

ð6Þ

kmc ¼ km � kc ð7Þ

E z; Tð Þ ¼ Em Tð Þ � Ec Tð Þ½ �mn þEc Tð Þ ð8Þ

2.2 Displacement Field Approximation

The four-node quadrilateral element formulation is based on Reddy’s third-order
theory for which the displacement field approximation is

w x; y; z; tð Þ ¼ w0 x; y; tð Þ
u x; y; z; tð Þ ¼ u0 x; y; tð Þ � zw0d þR zð Þu0 x; y; tð Þ ð9Þ
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where R zð Þ ¼ z� 4z3
3h2

The constitutive relations r can be expressed as

r ¼ �Qij e� �et½ � ð10Þ

where �et is thermal strain.
Stiffness coefficients �Qij are defined as:

�Q11 ¼ �Q22 ¼ E z; Tð Þ
1� t2

; �Q12 ¼ �Q21 ¼ tE z; Tð Þ
1� t2

;

�Q16 ¼ �Q26 ¼ 0; �Q44 ¼ �Q55 ¼ �Q66 ¼ E z; Tð Þ
2 1þ tð Þ

ð11Þ

2.3 Finite Element Formulation

Principle of virtual work is used for obtaining stiffness matrix and mass matrix.
Details regarding the interpolation functions are given in Ref. [1].

3 Numerical Results

Square FGM plates with two types of material mixture are considered. The top
surface of the plate is ceramic rich while the bottom surface contains metal.

Type 1: The top surface of the plate is silicon nitride (Si3N4) while the bottom
surface contains stainless steel (SUS304), referred as Si3N4/SUS304.

Type 2: The top surface of the plate is zirconium oxide (ZrO2) while the bottom
surface contains titanium alloy (Ti–6Al–4V), referred as ZrO2/Ti–6Al–4V.

Temperature-dependent coefficients for metal and ceramic are listed in Table 1
as given in Ref. [3] where E is Young’s modulus, a is thermal expansion coefficient,
q is density and k is thermal conductivity. Poisson’s ratio is assumed to be 0.28 and
0.3 for Type 1 plate and Type 2 plate, respectively.

Numerical results presented in Tables 2 and 3 are obtained by using following
non-dimensional frequency formula:

�x ¼ xa2

p2

ffiffiffiffiffiffi
I0
D0

r
Where ; I0 ¼ hq; D0 ¼ Eh3

12 1� t2ð Þ

The material properties q and E are chosen to be the values of stainless steel at
reference temperature T0 ¼ 300 K.

Rests of the numerical results are obtained by using non-dimensionalised fre-
quency formula given below:
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�x ¼ xa2

h

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
q0 1�t2ð Þ
E0

r

The material properties q0 and E0 are chosen to be the values of metal at
reference temperature T0 ¼ 300 K

3.1 All-Round Simply Supported (SSSS) and All-Round
Clamped (CCCC) Type 1 FGM Plate

The numerical results of non-dimensional frequencies for the first seven modes for
all-round simply supported and all-round clamped type 1 FGM square plates with
span to thickness ratio of S = 10 are compared with the 3D results presented by Li
et al. [4] in Tables 2 and 3, respectively. Though present results are based on
two-dimensional theories, they are quite comparable with the 3D results presented
by Li et al. [4]. It is also observed that the present results are in close agreement
with 3D results.

Table 1 Temperature-dependent coefficient for ceramic and metal

Material P0 P�1 P1 P2 P3

Si3N4—Silicon nitride

E Pað Þ 348.43 � 109 0.0 3.070 � 10−4 2.160 � 10−7 8.946 � 10−11

a 1=Kð Þ 5.8723 � 10−6 0.0 9.095 � 10−4 0.0 0.0

q ðkg/m3Þ 2370 0.0 0.0 0.0 0.0

k 9.19 0.0 0.0 0.0 0.0

SUS304—Stainless steel

E Pað Þ 201.04 � 109 0.0 3.076 � 10−4 −6.534 � 10−7 0.0

a 1=Kð Þ 12.330 � 10−6 0.0 8.086 � 10−4 0.0 0.0

q ðkg/m3Þ 8166 0.0 0.0 0.0 0.0

k 12.04 0.0 0.0 0.0 0.0

ZrO2—Zirconia

E Pað Þ 244.27 � 109 0.0 −1.371 � 10−3 1.214 � 10−6 −3.681 � 10−10

a 1=Kð Þ 12.766 � 10−6 0.0 −1.491 � 10−3 1.006 � 10−5 −6.778 � 10−11

q ðkg/m3Þ 3000 0.0 0.0 0.0 0.0

k 1.80 0.0 0.0 0.0 0.0

Ti-6Al-4V—Titanium alloy

E Pað Þ 122.56 � 109 0.0 −4.5681 � 10−4 0.0 0.0

a 1=Kð Þ 7.5788 � 10−6 0.0 6.638 � 10−4 −3.1476 � 10−6 0.0

q ðkg/m3Þ 8166 0.0 0.0 0.0 0.0

k 7.82 0.0 0.0 0.0 0.0
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Table 2 �x for Type 1 FGM plate subjected to nonlinear temperature rise ΔT = 300 K with SSSS
boundary condition

Volume
fraction

Mesh size �x1 �x2 �x3 �x4 �x5 �x6 �x7

1 8 � 8 2.6496 6.3146 6.3146 9.2189 9.2189 9.6139 11.8343

16 � 16 2.6575 6.3408 6.3408 9.1747 9.1747 9.7134 11.8678

20 � 20 2.6584 6.3442 6.3442 9.1694 9.1694 9.7267 11.8738

Li et al.
[4]

2.6576 6.3764 6.3764 8.9707 8.9707 9.7992 11.9555

2 8 � 8 2.3788 5.6646 5.6646 8.1652 8.1652 8.6182 10.6051

16 � 16 2.3858 5.6881 5.6881 8.1261 8.1261 8.7077 10.6350

20 � 20 2.3866 5.6912 5.6912 8.1214 8.1214 8.7196 10.6404

Li et al.
[4]

2.3727 5.6933 5.6933 7.9300 7.9300 8.7468 10.6709

5 8 � 8 2.1603 5.1392 5.1392 7.2991 7.2991 7.8126 9.6076

16 � 16 2.1668 5.1611 5.1611 7.2641 7.2641 7.8948 9.6374

20 � 20 2.1676 5.1640 5.1640 7.2599 7.2599 7.9058 9.6427

Li et al.
[4]

2.1424 5.1419 5.1419 7.0806 7.0806 7.8970 9.6331

Table 3 �x for Type 1 FGM plate subjected to nonlinear temperature rise ΔT = 300 K with
CCCC boundary condition

Volume
fraction

Mesh
size

�x1 �x2 �x3 �x4 �x5 �x6 �x7

1 8 � 8 4.5913 8.8613 8.8613 12.4557 14.9302 15.0255 17.4949

16 � 16 4.5753 8.7832 8.7832 12.3509 14.6288 14.7473 17.3649

20 � 20 4.5713 8.7674 8.7674 12.3263 14.5809 14.7033 17.3484

Li et al.
[4]

4.4904 8.6443 8.6443 12.1559 14.3412 14.4836 17.0433

2 8 � 8 4.1145 7.9341 7.9341 11.1479 13.3580 13.4423 15.5025

16 � 16 4.0990 7.8600 7.8600 11.0467 13.0775 13.1833 15.3884

20 � 20 4.0952 7.8452 7.8452 11.0234 13.0331 13.1424 15.3743

Li et al.
[4]

3.9965 7.6961 7.6961 10.8220 12.7653 12.8934 15.1611

5 8 � 8 3.7283 7.1808 7.1808 10.0846 12.0759 12.1507 13.8749

16 � 16 3.7136 7.1120 7.1120 9.9891 11.8183 11.9131 13.7728

20 � 20 3.7101 7.0981 7.0981 9.9672 11.7772 11.8755 13.7603

Li et al.
[4]

3.5941 6.9264 6.9264 9.7400 11.4873 11.6043 13.6331
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The temperature effects on non-dimensionalised frequencies of clamped plates
are greater than those of simply supported plates.

3.2 All-Round Simply Supported (SSSS) Type 2
Square FGM Plate with S = 8

Tables 4 and 5 give results of non-dimensional frequencies for type 2 (ZrO2/Ti–
6Al–4V) FGM plate with zero and 100 K temperature rise, respectively. The
comparison of results for all-round simply supported plate obtained with a mesh
size of 8 � 8 with different volume fractions with 2D analytical results presented
by Huang and Shen [5] based on higher order shear deformation theory for
ΔT = 0 K and ΔT = 100 K, respectively, in Tables 4 and 5 where Tc is the tem-
perature at the top surface and Tm at the bottom surface of the plate. It is observed
from both the tables that the results obtained using present elements even with a
coarser mesh are matching with those given by Huang and Shen [5]. It is also
observed that as the volume fraction increases non-dimensionalised fundamental
frequency decreases.

3.3 All-Round Simply Supported (SSSS) Type 1
Square FGM Plate with S = 8

Table 6 gives comparison of non-dimensionalised frequencies of type 1 square
FGM plate with the results presented by Huang and Shen [5]. For this case thermal
loading condition, Tc = 300 K and Tm = 300 K is considered. It is observed from
Table 6 that results obtained using present elements even with a coarser mesh of

Table 4 �x for Type 2 square FGM plate with Tc = 300 K and Tm = 300 K (ΔT = 0) with SSSS
boundary condition

Mode

Volume
fraction

Results (1,1) (1,2) (2,2) (1,3) (2,3)

0 Huang and Shen [5] 8.273 19.216 28.962 34.873 43.07

Present 8.247 19.232 28.802 35.118 43.046

0.5 Huang and Shen [5] 7.139 16.643 25.048 30.174 37.288

Present 7.086 16.540 24.789 30.244 37.089

1 Huang and Shen [5] 6.657 15.514 23.345 28.12 34.747

Present 6.632 15.473 23.178 28.278 34.665

2 Huang and Shen [5] 6.286 14.625 21.978 26.454 32.659

Present 6.264 14.588 21.822 26.606 32.583
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size 8 � 8 are in close agreement with those given by Huang and Shen [5].
Percentage difference in present results and results presented in Ref. [5] are less
than 1%.

3.4 All-Round Simply Supported (SSSS) Type 1
Square FGM Plate with Other Finite Element Results
with S = 8

The results for four different volume fractions for all-round simply supported type 1
square FGM plate with a mesh size of 8 � 8 are given in Table 7. Temperature

Table 5 �x for Type 2 square FGM plate with Tc = 400 K and Tm = 300 K (ΔT = 100) with
SSSS boundary condition

Volume fraction Results Mode

(1,1) (1,2) (2,2) (1,3) (2,3)

0 Huang and Shen [5] 7.868 18.659 28.203 34.015 42.045

Present 8.039 18.746 28.074 34.231 41.959

0.5 Huang and Shen [5] 6.876 16.264 24.578 29.651 36.664

Present 6.934 16.191 24.270 29.611 36.319

1 Huang and Shen [5] 6.437 15.202 22.956 27.696 34.236

Present 6.499 15.168 22.727 27.727 33.996

2 Huang and Shen [5] 6.101 14.372 21.653 26.113 32.239

Present 6.145 14.317 21.423 26.119 31.995

Table 6 �x for Type 1 square FGM plate with Tc = 300 K and Tm = 300 K (ΔT = 0)

Mode

Volume fraction Results (1, 1) (1, 2) (2, 2) (1, 3) (2, 3)

0 Huang and Shen [5] 12.495 29.131 43.845 52.822 65.281

Present 12.457 29.085 43.599 53.186 65.236

0.5 Huang and Shen [5] 8.675 20.262 30.359 36.819 45.546

Present 8.576 20.022 30.014 36.625 44.924

1 Huang and Shen [5] 7.555 17.649 26.606 32.081 39.692

Present 7.515 17.542 26.289 32.082 39.341

2 Huang and Shen [5] 6.777 15.809 23.806 28.687 35.466

Present 6.744 15.725 23.545 28.721 35.195
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change ΔT = 100 K is considered for the analysis. For comparison, the finite ele-
ment results of fundamental natural frequencies presented by Sundararaian et al. [6]
by using 8 node C0 continuous shear flexible element with 5 degrees of freedom per
node based on FSDT are also given along with the results presented by Huang and
Shen [5]. The superiority of the present element is clearly indicated from the fact
that the number of degrees of freedom required for almost the same accuracy is
much less than that required for the element of Ref. [6].

3.5 Additional Results

In Fig. 1a, b, the first three mode shapes are plotted for Type 2 and Type 1 FGM
plates with all-round simply supported boundary conditions with volume fraction
n = 5 with S = 8. Temperature at the top is 400 K and that at bottom is 300 K.
These results can be used as benchmark for further research.

Table 7 Comparison of non-dimensionalised frequencies for Type 1 square FGM plate SSSS
boundary condition under

Reference Mode Volume fraction

n = 0 n = 0.5 n = 1 n = 2

Huang and Shen [5] 1 12.397 8.615 7.474 6.639

2 29.083 20.212 17.607 15.762

Sundararaian et al. [6] 1 12.311 8.276 7.302 6.572

2 29.016 19.772 17.369 15.599

Present 1 12.392 8.535 7.481 6.715

2 28.933 19.928 17.463 15.659

Fig. 1 First three mode shapes for FGM plate under thermal environment
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4 Conclusions

The present element based on Reddy’s third-order theory observed to give quite
satisfactory results for all the cases of FGM plates under thermal environment
considered in this study. It is also observed that even the results obtained with a
coarser mesh size are also close to the 3D results reported in the literature. This
establishes the suitability of the present element for the free vibration analysis of
functionally graded plates under thermal environment, and its use is recommended
for the further research.
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A Comparative Study of the Seismic
Provisions of Indian Seismic Code
IS 1893-2002 and Draft Indian
Code IS 1893:2016

Rita Debnath and Lipika Halder

Abstract This paper compares the seismic design provisions of the existing Indian
Seismic Code IS 1893 (part 1): 2002 [1] and the current draft version of Indian
Seismic Code IS 1893 (part 1): 2016 [2] to address the differences in their
philosophies and applicability. Significant differences are observed in these docu-
ments for specifying different parameters such as empirical formulas for calculating
time period, building importance factor, response reduction factor, design accel-
eration coefficient. Moreover, in draft code, additional clarity regarding different
types of irregularity of structural systems, effect of masonry infill works on design
of framed building, simplifying torsional provisions and simplified method of liq-
uefaction potential analysis are carried out as extra items. Similarities and differ-
ences among both codes are illustrated here in the form of tables and graphs.

Keywords IS 1893 (part 1): 2002 � IS 1893 (part 1): 2016 � Buildings
Seismic design provision � Comparative study

1 Introduction

Codes and standards are the conventional source of information to the designers of
civil engineering structures. The seismic codes are primarily based on compre-
hensive data on ground motion that are erratic in direction, magnitude, duration and
sequence and the results of the research were carried out to understand the con-
sequence of these ground motion on the structures. In the last several decades, the
seismic codes are becoming sophisticated with rapid development in earthquake
engineering practice. The first Indian Seismic Code was published in 1962 and it
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had since been revised in 1966, 1970, 1975 and 1984. The said code again revised
in 2002 as a fifth revision after the devastating effect of the 2001 Bhuj earthquake.
In this fifth revision, the Earthquake Engineering Sectional Committee has decided
to cover the provisions for different types of structures in separate parts splitting the
seismic code into five parts and in part 1, general provisions and buildings were
discussed. However, the last few years have witnessed substantial progress in the
understanding of the earthquake, as well as the response to the various kinds of
structures and several modifications have also been suggested in the literature.

It is seen that as and when earthquake occurs in any country, building code of that
country or region reviewed based on the analysis of the failure of the structure due to
the lack of standards to the structure. As evident that the developing countries like
Bangladesh first published BangladeshNational BuildingCode, i.e. BNBC in 1993 to
provide guidelines for design and construction of new structures subject to earthquake
ground motion in order to minimize the risk of life for all structures. Again in 2010,
this code has been reviewed and prepared the draft BNBC comparing the standards of
other countries. This has been reported by Bari and Das [3]. Similarly, a comparison
was made among seismic design codes of buildings of eight Asian countries such as
Japan, India, Turkey, China, Korea, Nepal, Indonesia and Iran being reported by
Xiaoguang et al. [4]. Dogangun and Livaoglu have comparatively studied the design
spectra of Eurocode 8,UBC, IBC andTurkish EarthquakeCode (TEC) onR/C sample
buildings [5]. They reported that TEC was revised on 1997 and effective on 1998 but
two destructive earthquakes in 1999 forced to re-revise the said code. Imashi and
Massumi [6] have done a comparative study of the seismic provisions of Iranian
Seismic Code (Standard No.2800) and International Building Code 2003 wherein
they provided a comparison process on how to calculate seismic forces by the static
analysis method by the International Building Code (IBC) 2003 and the Iranian
Seismic Code (IS 2800-05).

It is pertinent to revise the seismic code based on the experience gathered due to
the different earthquakes occurred and it is also fact that the comparison between
the existing code and draft code is very much essential to understand similarities
and de-similarities of both the codes, so that the codes/standards are made with a
strong and reliable manner. Accordingly, Indian Seismic Code IS 1893 (part 1):
2002 [1] has been reviewed and proposed draft code IS 1893 (part 1): 2016 [2] has
been prepared by BIS.

This paper presents a comparative study of the provision of the existing Indian
Seismic Code IS 1893 (part 1): 2002 [1] and the draft code IS 1893 (part 1): 2016
[2] to address the differences in their philosophies and applicability, keeping the
language and notation presented in each standard unchanged.

2 Methodology

The calculation procedure of seismic loading is more or less similar in both codes.
The earthquake force is considered as a lateral force in both codes.
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2.1 Calculation of Design Earthquake Loads

Effects of design earthquake loads on structures can be considered in two ways,
namely Equivalent Static Method and Dynamic Analysis Method.

2.1.1 Equivalent Static Method

In existing code, the applicability of Equivalent Static Method is not directly
mentioned. However, in the draft code, the applicability of the said method is
explicitly mentioned. As per draft code, the method shall be applicable for (i) reg-
ular buildings with height less than 48 m and (ii) regular buildings with height
greater than 48 m and fundamental translation natural period less than 3.5 s.

2.1.2 Dynamic Analysis Method

Dynamic Analysis Method shall be performed in three ways, namely (i) Response
Spectrum Method, (ii) Modal Time History Method and (iii) Time History Method

Modal Time History Method is newly added in draft code for calculation of
lateral forces.

However, Dynamic Analysis Method shall be performed to the design seismic
force and its distribution to different levels along the height of the building and to
the various load resisting elements for the buildings mentioned in Table 1 as per
existing and proposed code.

Table 1 Applicability of Dynamic Analysis Method of regular and irregular buildings as per
existing and draft code

Particulars IS 1893 (part 1): 2002 [1] IS 1893 (part 1): 2016 [2]

Regular
buildings

Those greater than 40 m in height in
Zones IV and V and those greater than
90 m in height in Zones II and III

Those taller than 48 m in Seismic
Zones III, IV and V and taller than
70 m in Seismic Zones II. For buildings
not taller than 48 m in Seismic
Zones III, IV and V and those not taller
than 70 m in Seismic Zones II,
Equivalent Static Method may be
adopted

Irregular
buildings

All framed buildings higher than 12 m
in Zones IV and V and those greater
than 40 m in height in Zones II and III

Those taller than 12 m in Seismic
Zones III, IV and V and taller than
48 m in Seismic Zones II. This method
is recommended for irregular buildings
of lower height, even though it may not
be mandatory as above
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It is to be mentioned here that as per proposed code the applicability of
Equivalent Static Method is contradictory as the same thing was discussed in the
proposed code in Dynamic Analysis Method wherein it has been clearly stated that
the Equivalent Static Method may be adopted in case of regular building not taller
than 70 m in Seismic Zone II. But, as per point no (ii) of Equivalent Static Method
as discussed above, the height required to be approximately 168 m to get funda-
mental translation natural period as 3.5 s, which does not match with the condition
of Dynamic Analysis Method regarding the use of Equivalent Static Method in case
of regular building. So in draft code, clarification of the second point of Equivalent
Static Method is necessary.

In case of regular building in existing code, Dynamic Analysis Method is
applicable for the buildings taller than 40 m in height in zones IV and V, but in
proposed code, the said method is applicable for the buildings taller than 48 m in
height in Seismic Zones III, IV and V. Again, in existing code, the same method is
applicable for the buildings taller than 90 m in height in Zones II and III, but in
proposed code, the said method is applicable for the buildings taller than 70 m in
height in Seismic Zones II only. In proposed code, it has been clearly mentioned
that the Equivalent Static Method may be adopted for buildings not taller than 48 m
in Seismic Zones III, IV and those not taller than 70 m in Seismic Zones II. But in
existing code, nothing is mentioned regarding this.

Again, in case of irregular building in existing code, the Dynamic Analysis
Method is applicable for all framed buildings higher than 12 m in height in zones
IV and V, but in proposed code, it is included for Zone III also. Similarly, for
Zones II and III, this method is applicable for buildings greater than 40 m in height
in existing code and in proposed code, it is 48 m for Zone II only. In proposed
code, it is mentioned that the same method is recommended for irregular buildings
of lower height also. But in existing code, nothing is mentioned regarding lower
height.

However, in most earthquake design codes, the Equivalent Static Method is used
to establish design forces and due to this Equivalent Static Method is discussed
elaborately in this paper. The forces are determined on the basis of a base shear by
Equivalent Static Method. Calculation procedure of base shear is expressed through
Eq. (1) as per existing and draft code.

VB ¼ Ah W¼ ZI Sa=gð Þ
2R

W ð1Þ

where VB = Base shear; Ah = Design horizontal acceleration spectrum value using
the fundamental natural period Ta in the considered direction of vibration;
W = Seismic weight of the building; Z = Seismic zone factor; I = Importance
factor; R = Response reduction factor and Sa=g = Design acceleration coefficient.
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3 Comparison of Various Parameters

3.1 Seismic Zone Factor (Z)

According to the distribution of earthquake epicentres, ground motion attenuation,
geophysical and tectonic data, India was mapped dividing into four generalized
seismic zones. Each zone has a seismic zone factor (Z) that represents a reasonable
estimate of peak ground acceleration (PGA) in the respective zone. The
north-eastern folded regions of India are the most active zones and have a maxi-
mum PGA value of 0.36 g.

3.2 Importance Factor (I)

According to existing code, importance factor is 1.5 for important service and
community buildings and emergency buildings such as hospitals; schools; monu-
mental structures; telephone exchange; television stations; fire station buildings;
cinema halls; assembly halls; power station etc. The value of this factor kept 1 for
all other Buildings. However, as per draft code along with the existing importance
factor, an additional coefficient of importance factor as 1.2 is considered for the
residential or the commercial buildings or structures, with occupancy more than 200
persons.

3.3 Design Acceleration Coefficient (Sa/g)

It is a factor denoting the acceleration response spectrum of the structure subjected
to earthquake ground vibrations and depends on natural period of vibration and

(a) (b)

Fig. 1 a Response spectra for rock and soil sites for 5% damping, as per existing graph and
b design acceleration coefficient (Sa/g) (corresponding to 5% damping) as per draft code
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damping of the structures. In existing code, three parameters are there in three types
of soil but in draft code, two parameters are there in three types of soil. It is a
coefficient corresponding to 5% damping for different soil types normalized to PGA
corresponding to natural period (T) of structure considering soil–structure interac-
tion given by Fig. 1 and the associated expressions are shown in Table 2.

3.4 Fundamental Natural Period (as per IS 1893 (part 1):
2002 [1])/Fundamental Translation Natural Period (as
per IS 1893 (part 1): 2016 [2]) (Ta)

The most common method to estimate vibration period of a building is from
empirical relations considering building specifications (structure type) and its height
(h) in m, from base level and the base dimension (d) of the building at the plinth
level, in m, along the considered direction of the lateral force. Empirical relations of
fundamental period are shown in Table 3 for both the codes.

3.5 Response Reduction Factor(R)

Response reduction factor is used in the code to implicitly account for the nonlinear
response of structure. It is expressed as a function of various parameters of the
structural system, such as strength, ductility damping and redundancy. The
response reduction factor is more or less same in existing code as well as in draft
code for various lateral loads resisting system. Moreover, few more structural
systems are incorporated in the draft version as shown in Table 4.

Table 2 Comparison of design acceleration coefficient (Sa=g) as per existing and draft code

IS 1893 (part 1): 2002 [1] IS 1893 (part 1): 2016 [2]

For rocky or hard soil

Sa/g ¼
1þ 15T 0:00� T � 0:10

2:5 0:10� T � 0:40
1:00/T 0:40� T � 4:0

8<
:

For rocky or hard soil

Sa=g ¼ 2:5 0\T\0:40 s
1=T 0:40 s\T\6:00 s

�

For medium soil sites

Sa/g ¼
1þ 15T 0:00� T � 0:10
2:5 0:10� T � 0:55

1:36/T 0:55� T � 4:0

8<
:

For medium soil sites

Sa=g ¼ 2:5 0\T\0:55 s
1:36=T 0:55 s\T\6:00 s

�

For soft soil sites

Sa/g ¼
1þ 15T 0:00� T � 0:10
2:5 0:10� T � 0:67

1:67/T 0:67� T � 4:0

8<
:

For soft soil sites

Sa=g ¼ 2:5 0\T\0:67 s
1:67=T 0:67 s\T\6:00 s

�
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It is well-known fact that redundant structures are performing well during
earthquake. However, it has been observed that buildings which performed well in
past earthquakes have redundancy factor (r) more than 2.5. So, in the draft code it is
suggested that for buildings with redundancy factor less than 2.5 (i.e. in the range
1.0–2.5) design engineer shall adopt modified values Rm of response reduction
factor given by the expression:

Table 3 Comparison of fundamental natural time period (Ta) in existing and draft codes

Structural system Empirical expressions

IS 1893 (part 1):
2002 [1]

IS 1893 (part 1):
2016 [2]

RC frame building 0:075h0:75 0:075h0:75

RC-steel composite MRF building Not mentioned 0:080h0:75

Steel frame building 0:085h0:75 0:085h0:75

Moment-resisting frame buildings
with brick infill panels

0:09hffiffi
d

p 0:09hffiffi
d

p

Buildings with concrete structural walls or
un-reinforced masonry infill walls

Not mentioned 0:075h0:75ffiffiffiffi
Aw

p a

aAw = total effective area (m2) of walls in the first storey of the building calculated by

Aw ¼ PNw

i¼1
Awi 0:2þ Lwi

h

� �2n oh i
; Awi = effective cross-sectional area (m2) of wall i in first storey of

building; Lwi = length (m) of structural wall i in first storey in the considered direction of lateral
forces; Nw = number of direction walls in the considered direction of lateral forces; the value of
Lwi=h to be used in this equation shall not exceed 0.9

Table 4 Response reduction factor R (proposed and modified) as per draft code

System Lateral load resisting system R-Value

Moment frame
systems

Steel Building with Ordinary Moment Resisting Frame
(OMRF)

4.0

Steel Building with Special Moment Resisting Frame (SMRF) 5.0

Braced frame
systems

Steel Building with Special Braced Frame with Concentric
Braces

4.5

Steel Building with Ordinary Braced Frame with Eccentric
Braces

4.5

Structural wall
systems

Un-reinforced Masonry (Design as per IS 1905) with horizontal
RC Seismic Bands

2.0

Un-reinforced Masonry (Design as per IS 1905) with horizontal
RC Seismic Bands and vertical reinforcing bars at corners of
rooms and Jambs of opening (with reinforcement as per IS
4326)

2.5

For Confined Masonry 3.0

Dual systems RC Buildings with Ductile RC Structural wall with RC OMRF 4.0 instead
of 4.5
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Rm ¼ 0:5þ 0:5
r � 1
1:5

� �� 	
R ð2Þ

where r is redundancy factor and can be estimated as ratio of ultimate load to first
yield load and R is the response reduction factor as mentioned in Table 6 of Draft
Indian Standard IS 1893 (part 1): 2016 [2].

3.6 Seismic Weight (W)

Calculation procedure of seismic weight is more or less same in both the codes.

3.7 Base Shear

Calculation procedure of base shear is more or less same in both the codes.

4 Regular and Irregular Configuration

A building is said to be earthquake-resistant if it possesses four main attributes and
the differences of these in both the codes are shown in Table 5. The differences of
plan irregularities and vertical irregularities as per existing and draft code are shown
in Tables 6 and 7, respectively.

It is to be mentioned here that in the paper of Valumundsson and Nau [7], it has
been clearly stated regarding mass, strength and stiffness irregularities as per
Uniform Building Code (UBC). In Indian existing seismic code, it is mentioned that
there are some limitations for consideration of soft storey of a building, whereas in
draft code, it is mentioned that a building will be a soft storey in which the lateral
stiffness is less than that in the storey above.

Mass irregularity is considered to exist where the seismic weight of any storey is
more than 200% of its adjacent storeys in case of existing code and it has decreased
to 150% in case of draft code which is also used in UBC and the reason also
mentioned in the said paper.

Table 5 Comparison of four main attributes

IS 1893 (part 1): 2002 [1] IS 1893 (part 1): 2016 [2]

Simple and regular attribution Simple and regular structural attribution

Adequate lateral strength At least a minimum lateral strength

Adequate lateral stiffness At least a minimum initial lateral stiffness

Adequate ductility Adequate ductility
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Table 6 Comparison of plan irregularities as per existing and draft code

Irregularity
type

Description

IS 1893 (part 1): 2002 [1] IS 1893 (part 1): 2016 [2]

Torsional
irregularities

Torsional irregularity to be considered
to exist when the maximum storey
drift, computed with design
eccentricity, at one end of the
structures transverse to an axis is more
than 1.2 times the average of the storey
drifts at the two end of the structure

A building is said to be torsionally
irregular, when maximum horizontal
displacement of any floor in the
direction of the lateral force at one end
of the floor is more than 1.5 times its
minimum horizontal displacement at
the far end in that direction

Table 7 Comparison of vertical irregularities as per existing and draft code

Irregularity type Description

IS 1893 (part 1): 2002 [1] IS 1893 (part 1): 2016 [2]

Stiffness irregularity—
soft storey

A soft storey is one in which the
lateral stiffness is less than 70%
of that in the storey above or
less than 80% of the average
lateral stiffness of the three
storeys above

A soft storey is one in which the
lateral stiffness is less than that
in the storey above

Stiffness irregularity—
extreme soft storey

A extreme soft storey is one in
which the lateral stiffness is less
than 60% of that in the storey
above or less than 70% of the
average stiffness of the three
storeys above

Nothing is mentioned regarding
this

Lateral stiffness
irregularity in two
principal plan directions

Nothing is mentioned regarding
this

Lateral stiffness of beams,
columns, braces and structural
walls determine the lateral
stiffness of a building in each
principal plan direction

Mass irregularity Mass irregularity shall be
considered to exist where the
seismic weight of any storey is
more than 200% of its adjacent
storeys. The irregularity need
not be considered in case of
roofs

Mass irregularity shall be
considered to exist where the
seismic weight of any storey is
more than 150% of its adjacent
storeys. This provision of 150%
may be relaxed in case of roofs

Vertical geometric
irregularity

Vertical geometric irregularity
shall be considered to exist
where the horizontal dimension
of the lateral force resisting
system in any storey is more
than 150% of that in its adjacent
storey

Vertical geometric irregularity
shall be considered to exist,
when the horizontal dimension
of the lateral force resisting
system in any storey is more
than 125% of that in its adjacent
storey

Discontinuity in capacity
—weak storey

A weak storey is one in which
the storey lateral strength is less
than 50% of that in the storey
above

A weak storey is one in which
the storey lateral strength is less
than that in the storey above
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In case of weak storey, some bar is there in existing code but in case of draft code, a
soft storey is that where the lateral stiffness is less than that in the storey above.

In existing code, vertical geometric irregularity shall be considered to exist
where the horizontal dimension of the lateral force resisting system in any storey is
more than 150% of that in its adjacent storey, but in draft code, it has been
mentioned that vertical geometric irregularity shall be considered to exist, when the
horizontal dimension of the lateral force resisting system in any storey is more than
125% of that in its adjacent storey. Regarding lateral stiffness irregularity in two
principal plan directions, nothing is mentioned in the existing code.

5 Conclusions

In this paper, after detailed study of IS 1893 (part 1): 2002 [1] and IS 1893 (part 1):
2016 [2] it is observed that IS 1893 (part 1): 2016 [2] is more sophisticated giving
more realistic values for time period, importance factor, response reduction factor,
design acceleration coefficient, definitions for regular and irregular buildings, etc.,
in comparison with IS 1893 (part 1): 2002 [1]. Proposed seismic code, i.e. IS 1893
(part 1): 2016 [2], will lead to more rational approach in the seismic design of
buildings in India. The study also shows the difference between the codes for
seismic design depending on location and occupancy use and the difference
between the response spectra graph as per existing and draft code.
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Analytical Model for Failure of Clamped
Beam Subjected to Projectile Impact

S. Sen and A. Shaw

Abstract In the present study, an analytical model is presented for predicting
different deformation modes (mode I–IV) that a rigid-plastic clamped beam may
undergo when struck symmetrically by a rigid projectile having a finite width.
Herein, the plastic deformation (mode I) of the beam is modeled using three basic
phase of motion (phase 1–3) and the material failure (mode II–IV) is predicted
using an energy criterion. The derived analytical model is validated via numerical
solutions.

Keywords Clamped beam � Plastic analysis � Failure � Projectile impact
Plastic hinge

1 Introduction

A proper understanding of structural behavior under impact loading is very important
in order to design improved impact-resistant structural systems. Impact on beams and
plates is the classical problems through which various physical processes (traveling
plastic hinge, interaction of elastic and plastic fronts, various failure mechanisms such
as ricochet, embedment, plugging, spalling, scabbing, radial fracture, petaling, frag-
mentation) may be explained [1]. Therefore, behavior of plates and beams under
high-velocity impact plays a very important role in characterizing the dynamic
behavior of materials or structures. The characterization can be obtained either
experimentally, numerically, or analytically. In order to have a quick estimate of
ballistic limit and sensitivity of various parameters (material, geometric, and initial
conditions), analytical models are very useful. Analyticalmodels, developed based on
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simplified assumptions and idealization of an actual impact event, are also useful in
forming design provisions of impact-resistant structures.

Several researches were carried out in order to understand the behavior of beam
subjected to impact loading both experimentally [2–6] and theoretically [7–16].
Initially, major focus was on the dynamic deformation [7–10] of structures. In last
few decades, focus of the research has been gradually shifted from dynamic
deformation to dynamic failure [11–15].

Depending upon the nature of dynamic loading, structures may fail in different
failure modes. Through experimental studies, Menkes and Opat [4] identified three
basic failure modes of clamped beam subjected to impulsive loading, viz large
inelastic deformation of the beam (mode I), tensile tearing at the supports (mode II),
and shear failure of the beam at support (mode III). Liu and Jones [5] and Yu and
Jones [6] studied the response of fully clamped beams subjected to impact loads. In
addition to the three failure modes, they observed another mode of failure, viz shear
failure at the impact point (mode IV) when the beam is struck near the mid-span.

Liu and Jones [10] developed an analytical model to study the mode I behavior
of fully clamped beam, struck by a rigid mass at any point of the span, where the
target material is considered as rigid plastic. Shen and Jones [12, 13] developed an
energy criterion for studying the failure behavior of clamped beam. Later, Wen
et al. [14] suggested a quasi-static approach for calculating the plastic response and
failure pattern of clamped beam struck by heavy mass at low speed. In this study,
strain and energy criteria are used for predicting the failure of the beam.

In the available literature, the response of beam has been studied mainly for two
types of loading condition, viz impulsive loading and impact by mass (point impact
load). Effect offinite width of the projectile (i.e., impact load spread over some portion
of the beam) has not been considered. Analytical models were developed for pre-
dictingmode I,mode II, andmode III failures.However, thesemodels did not consider
the mode IV failure at the mid-span of the beam. In the present study, an analytical
model is presented for predicting different deformation modes (mode I–IV) that a
clamped beam may undergo when struck symmetrically by a rigid projectile.

2 Theory

Let us consider a clamped beam of length 2l and mass m per unit length. The beam
is struck by a rigid projectile having mass G, width 2r with an initial velocity V0 as
shown in Fig. 1. Followings are the assumptions which constitute the basis of the
present model,

i. The beam is fully clamped and is struck symmetrically at its mid-span by a
rigid projectile.

ii. The beam behaves as rigid perfectly plastic material. Elastic response of beam
is negligible compared to its plastic counterpart.

iii. The projectile remains in contact with the beam throughout the deformation
process.
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2.1 Plastic Deformation

The dynamic plastic response of the beam is modeled with three basic phases of
motion, viz phase 1—indentation or shear sliding at impact zone, phase 2—
movement of traveling plastic hinges, and phase 3—rotation. As the beam is struck
symmetrically by the projectile, only one half is considered for the analysis.

2.1.1 Phase 1: 0� t� t1

After the beam is struck by the projectile (mass = G and width = 2r), two sta-
tionary plastic hinges developed at x ¼ r and x ¼ �r; and two traveling plastic
hinges developed at x ¼ a and x ¼ �a. Transverse shear sliding takes place on both
sides of impact zone (i.e., x ¼ rþ and x ¼ �r�) where the shear forces reach their
plastic capacity (Q = Q0). In the indentation phase, movement of the traveling
plastic hinges does not take place, i.e., a0 ¼ 0. It is assumed that rigid rotation of the
part of the beam (AC), between the stationary plastic hinge (A) and traveling plastic
hinge (C), takes place about the traveling plastic hinge (C). The remaining part of
the beam between traveling hinge and support remains un-deformed. This
assumption leads to a linear variation of velocity between the stationary plastic
hinge and traveling hinge as shown in Fig. 2a. Plastic yielding of beam is controlled
by an interaction yield condition, expressed in terms of bending moment (M),
membrane force (N), and shear force (Q) given by

mj j
ffiffiffiffiffiffiffiffiffiffiffiffiffi
1� q2

p
þ n2 þ q2 ¼ 1 ð1Þ

where m = M/M0; n = N/N0; q = Q/Q0. M0 = 0.25r0bh
2; N0 = r0bh and

Q0 = r0bh/√3 are the plastic moment, membrane, and shear capacity of the beam
section of width b and thickness h. r0 is the yield strength of beam material.

Transverse force equilibrium equations for impact zone (AA1) and region AC
and moment equilibrium equation for the region AC about point A are given by

€�W0 ¼ �8uvq1 ð2Þ

g z1 � kð Þ €�W1 ¼ 8uvq1 ð3Þ

Fig. 1 Clamped beam struck
transversely by projectile of
mass G and width 2r
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g z1 � kð Þ2 €�W1 ¼ 12u m1 þm2ð Þ ð4Þ

where z ¼ x=l; z1 ¼ a1=l; k ¼ r=l; �W ¼ W=l; x0 ¼ @x=@T ; _x ¼ @x=@t; t ¼
M0T=GV0l; u ¼ Q0l=2M0; v ¼ GV2

0

�
2M0 and g ¼ G=ml. According to the inter-

action equation (Eq. 1), in this phase m1 = 0, q1 = 1, m2 = 1, q2 = 0 and n = 0.

Now solving Eqs. (2–4) with the initial conditions _�W1 ¼ 0; �W1 ¼ 0; _�W0 ¼ 2u
and �W0 ¼ 0 at t = 0, we obtain

z1 ¼ 3
2v

þ k; _�W1 ¼ 16uv2t
3g

; �W1 ¼ 8uv2t2

3g
_�W0 ¼ 2u� 8uvt; �W0 ¼ 2ut � 4uvt2

ð5Þ

Transverse shear sliding ceases when _�W1 ¼ _�W0 which occurs at t1 = 3g/[4v
(2v + 3g)]. Transverse shear sliding �Wsfð Þ accumulated during this phase in impact
zone is given as �Wsf ¼ �W0 t1ð Þ � �W1 t1ð Þ.

2.1.2 Phase 2: t1 � t� t2

In the second phase, traveling plastic hinges move toward the supports. So, ‘a’
becomes a function of time (T). This phase is completed (at t2) when plastic hinges
reach the supports. The velocity profile, the generalized forces, and moments
developed in the beam are shown in Fig. 3. Yield condition for point A and C is
given by Eq. (1) with q2 = 0.

Transverse force equilibrium equations for impact zone (AA1) and region AC
and moment equilibrium equation for the region AC about point A are given by

€�W1 ¼ �8uvq1 ð6Þ

g z1 � kð Þ €�W1 þ g _z1 _�W1 ¼ 8uvq1 ð7Þ

0W ′ 1W ′W ′

x

r r

l l

o

a a

(a)

1Q

1M

2M

1M

1Q
1Q1Q

2M
2M2M

A1A

C
1B

1C

1A A

(b)

Fig. 2 Phase 1; a velocity
profile, b generalized forces
and moments
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z1 � kð Þ €�W1 þ 2_z1 _�W1 ¼ 12u
g z1 � kð Þ m1 þm2 þ nc �W1ð Þ ð8Þ

where c ¼ N0l=M0. Solving Eqs. (6–8), following expressions for €�W1 and _z1 are
obtained

€�W1 ¼ � 12u m1 þm2 þ nc �W1ð Þ
z1 � kð Þ g z1 � kð Þþ 2½ � ð9Þ

_z1 ¼ �
€�W1 g z1 � kð Þþ 1½ �

g _�W1

ð10Þ

Normality requirement (suggested by Shen and Jones [13]) of plasticity for
transverse velocity profile (Fig. 3a) and yield condition is given by

_�D1 z1 � kð Þ
_�W1

¼ � 1
c
@m1

@n
¼ 2n

c
ffiffiffiffiffiffiffiffiffiffiffiffiffi
1� q21

p ð11Þ

_�D2 z1 � kð Þ
_�W1

¼ � 1
c
@m2

@n
¼ 2n

c
ð12Þ

where �D ¼ D=l; D1, D2 are the axial stretch of the beam at point A and C,
respectively. By means of approximate geometric relation
[D0

1 þD0
2 ffi W1W 0

1

�ða� rÞ], normality equations are expressed as

�W1 ¼ 2n
c

1þ 1ffiffiffiffiffiffiffiffiffiffiffiffiffi
1� q21

p
" #

ð13Þ

_�W1; �W1, and z1 are estimated by numerically integrating Eqs. (9) and (10) with
the initial conditions obtained at the end of Phase 1. During the numerical inte-
gration, at each time step q1, m1 and n are estimated from Eqs. (1), (6), and (13).

(a)

(b)

W ′

x

r r

l l

o

a a

1W ′

1Q

1M

2M

1Q1Q1Q

2M2M

A1A

B
C

1B
1C

1A A

N

N

N

N

1M 1M1C

2M NN

C

Fig. 3 Phase 2; a velocity
profile, b generalized forces
and moments
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2.1.3 Phase 3: t2 � t� tf

At the beginning of the third phase, traveling plastic hinge reaches the support and
z1 becomes 1. During this phase, only rigid rotation of the beam takes place.
Velocity profile and the generalized forces and moments developed in the beam are
shown in Fig. 4. Yield condition for point A and B is given by Eq. 1.

Transverse force equilibrium equations for impact zone (AA1) and region AB
and moment equilibrium equation for the region AB about point B are given by

€�W1 ¼ �8uvq1 ð14Þ

g 1� kð Þ €�W1 ¼ 8uv q1 � q2ð Þ ð15Þ

€�W1 ¼ � 6u m1 þm2 þ nc �W1 � 2vq1 1� kð Þ½ �
g 1� kð Þ2 ð16Þ

Solving Eqs. (14) and (16), following expression for €�W1 is obtained

€�W1 ¼ � 12u m1 þm2 þ nc �W1ð Þ
1� kð Þ 2g 1� kð Þþ 3½ � ð17Þ

By means of approximate geometric relation, normality equations for Phase 3
are expressed as

�W1 ¼ 2n
c

1ffiffiffiffiffiffiffiffiffiffiffiffiffi
1� q21

p þ 1ffiffiffiffiffiffiffiffiffiffiffiffiffi
1� q22

p
" #

ð18Þ

_�W1 and �W1 are estimated by numerically integrating Eq. (17) with the initial
condition obtained at the end of Phase 2. During the numerical integration, at each
time step q1, m1, q2, m2 and n are estimated from Eqs. (14), (15), (18) and yielding
equation (Eq. 1) for A and B section. At the end of this phase (at tf), the beam

comes at rest (i.e., _�W1 ¼ 0).
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Fig. 4 Phase 3; a velocity
profile, b generalized forces
and moments
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In Phase 2–3, dimensionless displacement of the beam at point O �W0ð Þ is esti-
mated by adding the accumulated shear sliding �Wsfð Þ obtained at the end of Phase 1
with �W1, i.e., �W0 ¼ �W1 þ �Wsf .

This analytical model is applicable for beam having v > 1.5/(1 − k); otherwise at
the first phase, traveling hinge will develop at support (z = 1) and there will be no
movement of the plastic hinge. With M0 = 0.25r0bh

2 and Q0 = r0bh
2/√3, this

condition implies that clear half span (l − r) of the beam should be greater than 1.3
times the beam thickness, i.e., (l − r)/h > 1.3. This condition is generally satisfied in
an actual beam.

2.2 Failure Modeling

In the present study, failure of the beam is predicted using an energy criterion.
According to this energy criterion, beam fails when the amount of energy dissipated
(Ed) at any critical section of the beam exceeds the energy capacity (Ec) of the same
section. Energy can be dissipated through bending (Edm), shear (Eds), and mem-
brane action (Edn). The amount of the energy dissipation is calculated in an
incremental way. Formulations for energy dissipation through different modes are
given as

for bending action

dEdm ¼ m1M0 dh ð19Þ

for shear action

dEds ¼ q1Q0 dWs ð20Þ

for membrane action

dEdn ¼ nN0 dD ð21Þ

where d indicates the changes in Edm, Eds, Edn, h, Ws and D for each time increment
dT. h, Ws and D represent the rotation, shear sliding, and axial stretch, respectively,
and calculated as

h ¼
�W1

z1 � k
ð22Þ

Ws ¼ �W0 � �W1ð Þ l ð23Þ

D ¼ l z1 � kð Þ
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ

�W1

z1 � k

� �2
s

ð24Þ
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Total dissipated energy and energy capacity of the critical section are calculated
using Eqs. (25) and (26). Failure of the beam at support and the middle portion is
differentiated using the location of traveling hinge. It is considered that the failure
will take place in the middle portion of the beam when failure occurs before the
traveling plastic hinge reaches the supports. In the other case, when the traveling
hinge reaches the support first, velocity (inertia effect) of projectile reduced. This
reduced inertia force can cause the failure of the beam at the support instead of the
middle portion.

Ed ¼
X

dEdm þ dEds þ dEdnð Þ ð25Þ

Ec ¼ r0ef bhlh ð26Þ

where r0 and ef are the yield strength and rupture strain of beam material; b, h, and
lh represent the width and depth of the beam cross section and length of the plastic
hinge. Plastic hinge length of the beam is estimated using the equations (Eqs. 27–
29) given by Shen and Jones [12, 13]. According to these equations, length of
plastic hinge depends on the beam thickness and ratio of shear dissipation to total
energy dissipation (b).

lh ¼ ah ð27Þ

a ¼ 1:3� 1:2b ð28Þ

b ¼ Eds

Ed
ð29Þ

3 Validation

In this section, the derived analytical model is validated via numerical solutions.
The response of an aluminum beam having width (b) 6.35 mm, thickness
(h) 6.35 mm and total length (2l) 142 mm, struck by steel projectile, is determined
using the proposed analytical model. These responses (plastic deformation, residual
velocity, and failure behavior) are compared with the results of numerical analysis
of the same beam performed in ABAQUS [17]. This study is carried out for three
different projectile widths (i.e., 5, 10, and 14.45 mm) and four projectile masses
(i.e., 5, 2, 1 and 0.5 kg). Material properties of aluminum and steel are taken from

Table 1 Mechanical properties of target material

Young’s modulus
(GPa)

Poisson
ratio

Yield strength
(MPa)

Density
(kg/m3)

Rupture
strain

68.9 0.33 277.8 2680 0.17
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the study of Chen and Yu [18] and are tabulated in Tables 1 and 2. This study is
carried out for impact velocity varying from 1 to 150 m/s.

For velocities lower than ballistic limits, material failure of the beam does not
take place. In these cases, plastic displacement of the beam at point O is compared
with the ABAQUS result. Comparison of displacement time histories obtained from
proposed analytical model, ABAQUS, and analytical model given by Liu and Jones
[10] for 2 kg projectile mass is shown in Fig. 5. Plastic deformations obtained from
the proposed analytical model shows better agreement with the ABAQUS results
compared to the upper bound results of Liu and Jones’s model. Plastic deformations
obtained for different projectile width, mass, and impact velocity are tabulated in
Table 3.

Table 2 Mechanical properties of projectile material

Young’s modulus (GPa) Poisson ratio Yield strength (MPa) Density (kg/m3)

200 0.25 600 7850

Fig. 5 Displacement time history of midpoint of the beam struck by projectile having mass 2 kg
and width 10 mm with impact velocity; a 1 m/s, b 3 m/s

Table 3 Midpoint displacement of the clamped beam in mm for different projectile mass, width,
and impact velocity

Projectile
mass (kg)

Impact velocity
(m/s)

Liu and
Jones [10]

Present model ABAQUS [17]

LB UB 5 mm 10 mm 14.45 mm 5 mm 10 mm 14.45 mm

5.0 1 1.90 2.80 2.30 2.20 2.10 1.51 1.40 1.17

5.0 2 5.40 7.40 6.90 6.80 6.60 5.73 5.71 5.69

2.0 1 0.88 1.30 0.95 0.92 0.89 0.60 0.43 0.22

2.0 3 5.00 6.90 6.50 6.30 6.20 5.30 5.29 5.23

1.0 3 3.00 4.30 3.80 3.70 3.60 2.75 2.70 2.60

1.0 5 6.30 8.60 7.90 7.80 7.60 6.87 6.85 6.80

0.5 4 2.80 4.00 3.50 3.40 3.30 2.45 2.40 2.35

0.5 7 6.20 8.40 7.80 7.70 7.50 6.80 6.75 6.70

LB—Lower Bound, UB—Upper Bound
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For impact velocity higher than the ballistic limit, material failure (mode II, III,
and IV) of beam takes place. In such cases, the residual velocity of the projectile
and the failure behavior of the beam are studied both analytically and numeri-
cally. Residual velocity for 5-mm-wide projectile obtained from analytical model
shows good agreement with the numerical results as shown in Fig. 6. Impact
velocities associated with the support and middle failure of the beam, struck by a

Fig. 6 Comparison of residual velocities of projectile having width 5 mm and mass; a 5 kg,
b 2 kg, c 1 kg, d 0.5 kg

Table 4 Impact velocity (m/s) ranges for different failure mode of clamped beam struck by a
14.45-mm-wide projectile

Projectile mass
(kg)

Failure at support Failure at middle

Present model ABAQUS [17] Present
model

ABAQUS
[17]

5.0 4.0 � V0 < 80.0 3.0 � V0 < 85.0 V0 � 80.0 V0 � 85.0

2.0 6.0 � V0 < 80.0 4.0 � V0 < 85.0 V0 � 80.0 V0 � 85.0

1.0 8.5 � V0 < 80.0 6.0 � V0 < 85.0 V0 � 80.0 V0 � 85.0

0.5 12.0 � V0 < 80.0 8.0 � V0 < 87.0 V0 � 80.0 V0 � 87.0
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14.45-mm-wide projectile, obtained both from present model and numerical
analysis are tabulated in Table 4. Limit velocities for both support and middle
failure estimated from the present model show good agreement with the
numerically obtained limit velocities.

4 Conclusion

An analytical model is presented for predicting different deformation modes (mode
I–IV) that a clamped beam may undergo when struck symmetrically by a rigid
projectile. Plastic deformation obtained using this model shows good agreement
with the numerical result for impact velocity closer to the ballistic limit. In the case
of much lower velocity, the elastic response is not negligible compared to the
plastic response. Thus, rigid-plastic analysis of the beam is unable to predict
the plastic deformation of the beam at lower velocity. The residual velocity of the
projectile and the failure behavior of the beam at different impact velocity are
studied when failure of the beam takes place. The residual velocity of the projectile
obtained from the analytical and numerical studies shows good agreement. Also,
the impact velocity ranges associated with different failure modes obtained both
from analytical model and numerical analysis is found to be almost similar.
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Estimation of Peak Factors for Tall
Buildings Subjected to Wind-Induced
Pressures

M. Keerthana and P. Harikrishna

Abstract The peak factor for non-Gaussian fluctuating pressures occurring in the
flow-separated regions of a rectangular tall building has been evaluated based on
three translation-based Hermite methods, basic Hermite Model (HM), Revised
Hermite Model (RHM), and Modified Hermite Model (MHM), with parameters
evaluated from Yang (MHM-Yang). The evaluated peak factors have been com-
pared with observed values from the data and other Hermite-based models of peak
factors available in the literature. The relative performance of the models toward
evaluation of peak factors, especially in the regions of flow separation, has been
assessed. It has been observed that use of data-driven Hermite-based models could
provide a better and realistic estimate of peak factor, as compared to that offered by
Gaussian framework.

Keywords Pressures � Gaussianity � Peak factor � Tall building
Hermite models � Skewness � Kurtosis

1 Introduction

Multivariate pressure fluctuations on buildings are characterized by instant peak
pressures that are localized in nature. These peak pressures govern the design of
components of a structure, e.g., roof cladding of a low-rise building, facades/glass
cladding of high-rise buildings. Appropriate evaluation of such peak pressures is
one of the important aspects in the performance-based design of such structures/
structural components. In the traditional design philosophy, the random process of
pressure fluctuations has been assumed to be of Gaussian nature, wherein the peak
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pressures have been obtained using mean and standard deviation of the data along
with the statistical peak factor. This statistical peak factor was well defined as the
mean extrema of standardized process for Gaussian processes. Further, the cumu-
lative distribution function (CDF) of the extremes was also derived. However, in
regions of flow separation like roof of low-rise building and corners/side faces of
high-rise buildings, the statistical description of the measured pressure shows sig-
nificant deviation from Gaussian nature, with higher order statistical moments, viz.,
skewness and kurtosis significantly deviating from values of 0 and 3, respectively.
The probability density functions (PDFs) of such non-Gaussian pressure fluctua-
tions are characterized by heavy tails, especially in the negative portion. Using the
Gaussian framework, as adopted even till date, will lead to unconservative design.
This has been demonstrated by various researchers. For example, Kwon and
Kareem [8] demonstrated that for the pressures measured at the corner of full-scale
low-rise building, the Gaussian peak factor was 4.017, whereas that based on
non-Gaussian framework was 8.39. Estimation of peak factors for wind-induced
pressures on low-rise and high-rise buildings still continues to be an active area of
research [1, 2, 5, 9, 10]. There are two approaches for estimation of peak factor.
One is parametric, where the peaks from selected samples are fitted with extreme
value distribution to get the parameters of the distribution, using which CDF of the
extremes is obtained. Further, the peak value corresponding to a specific fractile
level of probability of non-exceedance is evaluated from these extrema of CDF.
Another approach is nonparametric and data-driven, where higher order statistical
moments are used in analytical expressions to evaluate PDF and CDF of data and
its extremes. From the CDF of extremes, a similar procedure as in parametric
models is adopted to get peak factor.

In order to accurately model the extremes of pressures using parametric models,
long duration data from wind tunnel or full-scale measurements are required. From
such records, only a subset of information (on extrema) will be used for proba-
bilistic modeling. The extrema of wind pressures were fitted from 1200 samples of
repeated long duration wind tunnel data, to Gumbel (extreme value type I) and
Weibull (extreme value type III) distributions [7]. It was reported that Gumbel
distribution gave a conservative estimate of the peak pressures with small set of
samples of extrema, in comparison with Weibull distribution, which needs about
5000 independent samples to accurately quantify the finite upper tail [4]. Gavanski
et al. [3] made an assessment of the uncertainty in peak pressure coefficient with
duration of time series and number of subsets used for fitting Gumbel method.
Balaji Rao et al. [1] first applied alpha-stable distribution to the peak pressure
coefficients from corners of low-rise building. A variety of other extreme value
distributions like gamma and lognormal distributions have been used in the liter-
ature to model pressure extremes of non-Gaussian processes. It has been observed
that a single PDF model cannot cater to strongly non-Gaussianity (especially in the
tail region of the distribution), owing to which a combination of models has been
attempted in the literature. Sadek and Simiu [13] used three-parameter gamma
distribution for long tails and standard Gaussian distribution for short tail using a
mapping transformation (MT).
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The next class of nonparametric models that rationally treat non-Gaussian nature
of pressure fields is Hermite Models (HM). They have been developed based on the
framework of translation process, which convert the non-Gaussian process to
Gaussian process through a nonlinear transformation. These models work on raw
data and its higher order moments, in contrast to the parametric models. Kareem
and Zhao [6], analytical expressions for peak factors were derived based on HM
and applied to the response of tension leg platform to evaluate the negative peak
response. Kwon and Kareem [8] revisited the HM and elucidated two modifications
to overcome its inherent limitations. Yang et al. [14] proposed closed-form solu-
tions to evaluate the parameters of improved HM used by Kwon and Kareem [8],
making the applicability of improved HM toward probabilistic modeling of wind
pressures easier, which otherwise would require solution of coupled nonlinear
equations. Peng et al. [10] has suggested a mapping procedure to overcome the
limitation on the working range of skewness and kurtosis for these models. Based
on HM, a generalized peak factor (GP) was proposed by Pillai and Tamura [11],
which considered the non-Gaussianity and bandwidth, i.e., whether it is
narrow-banded or broad-banded phenomenon. A further simplified form of the
expressions for peak factor in the aforementioned literature, ‘skewness-dependent
peak factor,’ was derived by Huang et al. [5], which is based only on skewness as
opposed to other models that considered both skewness and kurtosis. Recently,
researchers are developing efficient methodologies to simulate and represent
non-Gaussian processes based on third-order HM.

With such continuing research efforts toward evaluation of peak factors via
probabilistic modeling toward reliability-based load modeling, the present study
aims to evaluate peak factors from multi-channel wind tunnel pressure measure-
ments carried out on a tall building model with rectangular plan ratio of 1:2 and
aspect ratio of 9 (based on shorter dimension in plan) tested under turbulent flow
(open terrain with power-law coefficient a of 0.165). Toward this, three Hermite
models, basic Hermite Model [8], referred hereafter as HM, Revised Hermite
Model [8], referred hereafter as RHM, and Modified Hermite Model (MHM) [8],
referred hereafter as MHM-Yang, with parameter estimates from [14] have been
used. The peak factors from the aforementioned models have been presented and
compared with the observed values from data. Toward completeness, a brief
description of the models has been presented in the succeeding section.

2 Hermite Model for Non-Gaussian Process

2.1 Basic Hermite Model (HM)

With the need to develop more rational models to treat non-Gaussian nature of
pressure fields, a model has been developed, by a framework offered by translation
process and moment-based HM [8]. The basis of translation process is to use a
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univariate nonlinear translation to express non-Gaussian process in terms of
underlying Gaussian process as given by Eq. (1).

y ¼ x� �x
rx

¼ P�1
Y ½UðuÞ� ¼ gðuÞ ð1Þ

where

y is a standardized (zero mean, unit normal) non-Gaussian random variable;
PY a distribution of non-Gaussian random variable y;
U(u) the distribution of the standard normal variable u;
g(u) a nonlinear function of u that is assumed to increase monotonically; and
u a Gaussian random variable.

The nonlinear function g(u) has been analytically described by ‘moment-based
Hermite’ model. This facilitates the description of PDF in an analytical form. For
softening process (kurtosis > 3), PDF of the process y is given by

y ¼ gðuÞ ¼ uþ h3ðu2 � 1Þþ h4ðu3 � 3uÞ ð2Þ

where uðyÞ ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
n2ðyÞþ c

q
þ nðyÞ

� �1=3
�

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
n2ðyÞþ c

q
� nðyÞ

� �1=3
�a;

nðyÞ ¼ 1:5b aþ y
j

� �
� a3; a ¼ h3

3h4
; b ¼ 1

3h4
; c ¼ ðb� 1� a2Þ3

h3 ¼ c3
4þ 2

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ 1:5c4

p ; h4 ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ 1:5c4

p � 1
18

; j ¼ 1ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ 2h23 þ 6h24

p

where c3 and c4 are the skewness and excess kurtosis (kurtosis-3) of the process y. u
(y) is the solution of Eq. (2) for random variable u. h3, h4, and j are the coefficients
of moment-based HM. Hence, the nonlinear function g(u) and u(y) depends on
higher order statistical moments, which can be obtained from standardized process
y, with the available time history of data. Hence, the PDF of a standardized
non-Gaussian process is given by

PYðyÞ ¼ 1ffiffiffiffiffiffi
2p

p exp � u2ðyÞ
2

� �
duðyÞ
dy

ð3Þ

2.2 Improved Hermite Models

The HM has been developed for univariate case (i.e., single random variable) and
mild non-Gaussian process. It tends to be conservative in situations when the
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process exhibits strong non-Gaussianity. Improvements to overcome this limitation
of HM have been suggested as follows.

2.2.1 Modified Hermite Model (MHM-Yang)

The MHM [8] facilitated improvement in evaluation of a non-Gaussian process y
through modified polynomial coefficients h3 and h4 given by

c3 ¼ j3 8h33 þ 108h3h24 þ 36h3h4 þ 6h3
� � ð4Þ

c4 þ 3 ¼ j4 60h43 þ 3348h44 þ 2232h23h
2
4 þ 60h23 þ 252h24

�
þ 1296h34 þ 576h23h4 þ 24h4 þ 3

� ð5Þ

These equations have been designed to obtain nonlinear solution of h3 and h4, by
taking c3 and c4 from the standardized process y. Even though this has been
observed to improve the accuracy of HM as well as estimation of probability
distribution function [8], solution of the equations to obtain h3 and h4 involves
inversion, which is difficult to achieve analytically. Yang et al. [14] has presented
an approximate closed-form solution to these equations, which simplified the use of
MHM. These equations have been used in the present study.

2.2.2 Revised Hermite Model (RHM)

To make the MHM practically viable, without having to solve coupled nonlinear
equations in Eqs. (4) and (5), simplified expressions for h3 and h4 based on optimal
results that minimize the lack of fit errors for skewness and kurtosis of HM have
been proposed [8] as given below.

h3 ¼ c3
6

1� 0:015 c3j j þ 0:3c23
1þ 0:2c4

� �
ð6Þ

h4 ¼ h40 1� 1:43 c23
c4

� �1�0:1ðc4 þ 3Þ0:8

; h40 ¼ 1þ 1:25 c4½ �1=3�1
10

ð7Þ

These expressions are applicable for skewness and kurtosis in the range of
0� c23\

2c4
3 and 0\c4\12.

The PDF of extremes is given by

PY ;extðyÞ ¼ exp �wð Þ dw
dy

; w ¼ m0T exp � u2ðyÞ
2

	 

ð8Þ
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From the PDF, the peak factor has been obtained as

gng ¼ j
bþ c

b

� �
þ h3 b2 þð2c� 1Þþ 1:98

b2

h i
þ h4 b3 þ 3bð2c� 1Þþ 3

b
p2
6 � cþ c2

� �
þ 5:44

b3

h i
8<
:

9=
; ð9Þ

The above equation has been formulated for positive extremes. To get negative
extreme, the sign of the raw data needs to be reversed. The positive and negative
extremes of the process have been evaluated by using the peak factor (Eq. 9) in the
following expressions.

xext ¼ �xþ rx:gng
xext ¼ �x� rx:gng

ð10Þ

3 Wind Tunnel Pressure Measurement

Wind-induced pressures on the surface of a 1:300 scale rigid model of a rectangular
tall building with full-scale dimensions of 30 m � 60 m in plan and height of
270 m have been measured. The model was instrumented with pressure taps at five
levels (with z/H of 0.1, 0.3, 0.5, 0.7 and 0.9) as shown in Fig. 1a, with 28 pressure
taps at each level. The layout of same is shown in Fig. 2. Wind incident on the
longer face of the rectangular tall building has been considered in the present study
(Fig. 1b).

The wind tunnel tests have been carried out in the boundary layer wind tunnel of
CSIR-Structural Engineering Research Centre (Fig. 3), under simulated open ter-
rain with power-law coefficient of 0.165. The fluctuating wind pressures have been
measured at a sampling frequency of 650 Hz, for duration of 24 s. This corresponds
to full-scale duration of 2 h (based on geometric scale of 1:300 and velocity scale of
1:1). The measured pressures have been represented in the form of pressure coef-
ficient given by

Cp ¼ p
1=2qU2 ð11Þ

where U is the reference wind speed measured at the model height and q is the
density of air. The time history of pressure coefficients from the pressure taps has
been standardized, making it zero mean and unit variance trace (Fig. 4) as the
Hermite-based methods operate over standardized data. Higher order moments,
viz., skewness and kurtosis, have been evaluated for the standardized pressure
coefficients.
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4 Results and Discussions

The flow pattern caused on the side walls of a rectangular tall building has been
shown in Fig. 1b. The two side walls are subjected to high suction due to separation
of flow along the edges of the windward face. A highly complex flow behavior
occurs in the separated flow regions as well as in the wake. Further, the probabilistic
characteristics of the pressures in that region significantly deviate from Gaussian
nature. This is evident from the values of skewness and excess kurtosis (kurtosis-3)
of standardized pressures coefficients shown in Fig. 5.

90 cm

(a) (b)Fig. 1 a Rigid model of tall
building. b Flow behavior at
separation (after Cook 1990)
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Fig. 2 Pressure tap layout at
level-1

Fig. 3 Model of tall building
in wind tunnel under
simulated open terrain
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The values of higher order moments have been observed to significantly deviate
from the value of 0 corresponding to Gaussian process. The contours of skewness
and excess kurtosis on the four faces of the rectangular building have been shown in
Fig. 6. The deviations have been observed to be more in case of pressure taps on
side faces (faces B and D) and leeward face (face C). The negative skewness for the
pressure taps on these three faces is indicative of heavy-tailed probability distri-
bution in the suction side. Excess kurtosis is also observed to be positive in these
three faces. Such characteristics mandated for non-Gaussian modeling of the
extreme of pressure coefficients.

The applicability of Hermite-based models toward evaluation of peak factor has
been assessed from the plot of skewness versus kurtosis in Fig. 7. Most of the
points fall within the application range of HMs as pointed by Kwon and Kareem [8]
for practical cases. The points that fall outside the range mostly correspond to the
pressure taps on the windward face (face A) of the rectangular building. Similar
observation has been reported in Huang et al. [5]. Since the peak factors to evaluate
peak negative wind pressure coefficients in the separated flow regions that exhibit
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Fig. 5 Skewness and excess
kurtosis values
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strong non-Gaussianity are the major focus of research, the same have been eval-
uated for the pressure taps in the separated flow regions.

The typical results have been presented for a representative pressure tap at level
2, immediately after flow separation (Fig. 8). The PDF has been evaluated based on
the considered HMs and plotted over histogram of the standardized pressure
coefficient as shown in Fig. 8. It has been observed that Gaussian distribution does
not fit to the wind pressure data in the separated flow regions, as expected. RHM
and MHM-Yang provide better description of the non-Gaussianity in the separated
flow, with HM being conservative, as reported in the literature. Further, the CDF of
extremes as shown in Fig. 9 has been evaluated by numerical integration from the
corresponding PDF of extremes computed using Eq. (8).

The peak factors have been evaluated based on the considered HMs (Eq. 9) for
separated flow regions, which included side faces and leeward face of the rectan-
gular tall building. Also, two other peak factors, skewness-dependent peak factor
(Sk dep) [5] and generalized peak factor (GP) [11] available in the literature, have
been evaluated for the purpose of comparison. Figures 10 and 11 show the ratio
between observed and model-based peak factors for side faces and leeward face of
the rectangular building. It is noteworthy that the observed value has been con-
sidered as the average of maximum values of standardized pressure coefficients
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kurtosis contours

-3

-2

-1

0

1

2

3

0 5 10 15

sk
ew

ne
ss

kurtosis

Fig. 7 Effective region of
applicability of Hermite
method

Estimation of Peak Factors for Tall Buildings … 181



from multiple trials of wind tunnel experimental data as considered by Ma et al. [9]
(Fig. 11).

The values corresponding to GP [11] were significantly less compared to the
observed as well as other model-based peak factors, with the ratio greater than 2,
and hence have not been included in the plots. HM has been observed to provide
conservative estimates of peak factor among all the models with the aforementioned
ratio less than 1.0 as reported in the literature [5, 8]. For the pressure taps on the
side faces, peak factors from RHM, MHM-Yang, and Sk dep have been observed to
be comparable. But, the values have been observed to be less than the observed
value for certain pressure taps and more than the observed values for certain
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pressure taps. For pressure taps in the leeward face, RHM and MHM-Yang pro-
vided conservative estimate of the peak factor. However, ‘Sk dep’ peak factor has
been observed to be less than that of RHM and MHM-Yang by about 10%, which
could be attributed to the fact that the model takes into account of skewness only.
The evaluated peak factors have to be used in Eq. (10) to evaluate the peak negative
wind pressure coefficients.

5 Summary

The peak factors associated with wind-induced pressures on a tall rectangular
building model in the regions after flow separation, which may not be appropriately
modeled and estimated by conventional assumption of Gaussianity, have been
evaluated based on three data-driven Hermite-based models, viz., HM, RHM, and
MHM-Yang. Comparison has been made with the observed values from wind
tunnel experiments and two other models of evaluation of peak factor, viz.,
skewness-dependent peak factor and generalized peak factor. GP has been observed
to significantly underestimate the peak factors. HM has always been observed to
provide conservative estimate of peak factor. The performance of MHM and
RHM-Yang is comparable with each other and provides conservative estimate for
pressure taps on the leeward face of the building. In case of pressure taps on the side
faces of the building, MHM and RHM-Yang have been observed to be on either
side of the observed values. ‘Sk dep’ peak factor is comparable with MHM and
RHM-Yang for side faces, whereas for leeward faces, the values are less than that
of MHM and RHM-Yang by about 10%. It has been observed that such HM-based
peak factors provide rational estimation of peak effects, close to that of observed
values on tall buildings.
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Seismic Behavior of Beam-Column
Sub-assemblages Designed According
to Different Evolution Stages of Design
Philosophies

A. Kanchana Devi and K. Ramanjaneyulu

Abstract Over decades, the design philosophy of framed structures had undergone
changes from the ordinary gravity load-designed frames to special
moment-resisting frames with ductility detailing. Most of the older buildings were
designed only for gravity loads. The past earthquakes produced devastating dam-
ages to the gravity load-designed structures. This resulted in the remarkable
changes in the seismic design philosophy in the form of introducing ductility
detailing in the codes of practices. Different codes of practices, namely EURO,
ACI, NZ, IS codes, prescribe appropriate detailing practices so as to ensure desired
seismic performance. Hence, in the present study, an attempt is made to compare
the seismic performance of gravity load designed, seismic load designed without
ductility detailing, seismic load designed with ductility detailing which represent
the evolution of design philosophies adopted in codes of practices. An exterior
beam-column sub-assemblage of typical three-story building is taken up for the
study and designed according to the evolution of design philosophies of Indian
standard. Experimental investigations are carried out on beam-column
sub-assemblages designed according to different evolution stages of design phi-
losophy. The seismic performance of beam-column sub-assemblages of three dif-
ferent design levels, under reverse cyclic loading, is compared in terms of the
hysteretic behavior and energy dissipation capacity.
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1 Introduction

Beam-column joints of the framed building are the critical components under the
action of earthquake, as they are subjected to huge shear demand nearly 4–6 times
larger than the adjoining members. The degradation of the joint under seismic
activity hinders the force flow from the beam to the column. The joint failures are
often associated with the strength degradation behavior. Further, it is difficult to
repair a joint region if they fail. Hence, evaluation of seismic performance of the
beam-column sub-assemblages becomes vital to ensure the safety of the framed
structures under seismic loading.

The existing reinforced concrete building which was built a few decades ago is
of gravity load designed. They were not designed for seismic loading and also have
exhibited poor seismic performance in the past earthquakes. Then comes the con-
cept of ductility detailing during the late 1970s and the relevant guidelines were
incorporated in the codes of practices during the 1980s. Remarkable change in the
design philosophies of RC framed structures for seismic resistance was made after
the pioneering works of Megget and Park [1], Park and Paulay [2], Blakeley et al.
[3], Paulay et al. [4], Park and Keong [5], Park and Scarpas [6], Ehsani and Wight
[7]. Numerous research studies were carried out to investigate the seismic perfor-
mance of gravity load-designed buildings and also bring out efficient joint detailing
to enhance the seismic performance. Aycardi et al. [8] studied the performance of
gravity load-designed (GLD) sub-assemblages under seismic loading. They
attempted to analytically model the seismic behavior and identify the parameters
which play the key role under seismic loading. Murty et al. [9] conducted exper-
imental investigations on the exterior RC joint with four details of longitudinal
beam bar anchorage and three details of transverse joint reinforcement. The lon-
gitudinal bars of beam are provided as U bars, standard ACI 90 hook, full
anchorage of beam top and bottom bars, and full anchorage of beam top bars and
straight beam bottom bars. The transverse reinforcements are varied as closed ties,
hair clips, and no ties in the joint region. It was reported that the seismic perfor-
mance of non-seismically designed structures could be improved by proper
anchorage of longitudinal reinforcement and providing lateral reinforcement. It was
also observed that ACI standard hook with hair clip-type transverse reinforcement
is preferable as it was easy to construct and effective when compared to the other
schemes considered. Dhakal et al. [10] carried out an experimental study on
dynamic response of GLD RC connections. It was observed that though the con-
nection zones are the most important parts in dissipating energy during earthquake,
most of the GLD connections are weaker than the adjoining structure and failed in
shear.
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2 Details of Beam-Column Specimens

Three levels of design are identified for present study to evaluate seismic performance
of reinforced concrete structures that were constructed so far in Indian subcontinent.
Three levels of design considered are: (i) gravity load designed (SP1), (ii) designed for
seismic force but not provided with ductility detailing (SP2) (non-ductile specimen),
and iii) designed for lesser seismic force and provided with code-specified ductility
detailing (SP3). An exterior joint without transverse beams of a typical three-storied
RC framed building with 6 m span in one direction and 4 m span in the orthogonal
direction and floor height of 3.5 m each as shown in Fig. 1 is taken for the study. A 3D
model of the building is created using standard analysis package. The support con-
ditions are assigned as fixed at the bottom of the column. The linear elastic analysis is
performed for loads according to different levels of design and for the load combi-
nations of dead load (DL), live load (LL), and seismic load (SL) as 1.5DL + 1.5LL,
1.5DL + 1.5SL, 1.2DL + 1.2LL + 1.2SL, and 0.9DL + 1.5SL. The seismic loads
are arrived according to IS1893 based on equivalent seismic load method corre-
sponding to Zone III with the importance factor of 1. For the computation of base
shears due to seismic load, the horizontal seismic acceleration coefficient is estimated
with the response reduction factor of 3 and 5, respectively, for non-ductile and ductile
specimens. The lateral force thus calculated amounts to 6.67 and 4%of the totalweight
of the structure for ordinary moment-resisting frame (OMRF) and special
moment-resisting frames (SMRF), respectively. The moments and shear forces are
obtained for different stages of design. The specimens are designed for limit state of
collapse according to IS 456(2000). Beams and columns are designed for three levels

Fig. 1 a Building chosen for
study. b Choosing typical
exterior beam-column
sub-assemblage
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of design. The cross-sectional dimensions of 300 mm x 400 mm and 300 mm
x 300 mm are adopted for beam and column, respectively, for all the specimens, and
the reinforcement details of the specimens are arrived as shown in Fig. 2. For gravity
load-designed specimen (SP1), beam bottom bars project straight into the joint region.
The non-ductile specimen (SP2) is detailed according to SP 34, whereas ductile
specimen (SP3) is detailed according to the IS13920. The general dimensions of
beam-column sub-assemblage are as follows: Height of column is 3800 mm, and
length of beam is 1700 mm. The length of beam is arrived based on the point of
contra-flexure under the action of load combinations specified in IS code. The lengths
of column segments above and below the joint are arrived according to the propor-
tioning of moments at the joint for the combination of loads.

The specimens are instrumented extensively by affixing strain gages at critical
locations identified on the reinforcement bars. Strain gages are affixed on the main
reinforcement bars of the beam near the junction up to the distance ‘d’, i.e., the
depth of the beam and on the column main bars, column ties, and beam stirrups.
The strain gages are grouped into various bundles and routed to outside of the cage.
Functionality of the strain gages is verified before instrumentation, after instru-
mentation, and after casting. The concrete of mixed proportions 1:1.695:3.013 with
water–cement ratio of 0.5 is used for casting of the specimens. The reinforcement
cages of specimens are placed inside the steel mold. The steel molds are oiled
properly before the placement of concrete. The specimens are compacted by means

(a)

(c)

(b)Fig. 2 a Details of gravity
load specimen (SP1), b details
of non-ductile specimen
(SP2), c details of ductile
specimen (SP3)
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of needle vibrator. The specimen is concreted as shown in Fig. 3 and is cured for
28 days using wet curing. The reinforcement steel of Fe500D grade is used. The
average yield strength of the steel reinforcement of 25, 20, 16, and 8 mm diameter
is found to be 535, 545, 520, and 527 Mpa, respectively, from the tests carried out
on the reinforcement bars. The average compressive strength of concrete is 50 Mpa,
and average split tensile strength of concrete is 3.8 Mpa.

3 Details of Experimental Investigations Carried Out

The test setup is arranged on the test floor such that the beam-column joint is
positioned horizontally parallel to the floor and the cyclic load is applied in the
plane of the test floor. The schematic diagram of test setup and positioning of test
specimen is shown in Fig. 4. An axial load of 300 kN is applied to the column by
hydraulic jack at one end of the column against the reaction block at the other end.
The level of axial load in column is arrived from the analysis of the global system
of the three-story three-bay building. The axial load to the column is applied prior
the application of lateral load. The lateral load is applied at the beam tip in dis-
placement control mode using 25t actuator, according to the load history shown in
Fig. 5. Reverse cyclic load is applied in terms of drift ratio (%) of the component
where the drift is calculated as per Eq. (1).

Drift ratio %ð Þ ¼ Dl=lbð Þ ð1Þ

where Dl and lb are the applied displacement at the beam tip and the length of the
beam from column face to the application point of the displacement, respectively.
Three complete cycles are applied for each drift increment. Reverse cyclic dis-
placements of equal magnitude are applied on all the specimens, where positive

Fig. 3 Casting of specimen
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drift produces tension in the beam bottom and negative drift produces tension in
beam top. The test was stopped when the load dropped either in the positive or
negative drift ratio by 50% of that maximum load. The test specimens are also
instrumented with linear variable displacement transducers (LVDTs), which are
mounted on the joint surface as well as attached to the beam and the column
segments to measure deflections along the length of beam and column segments
and to calculate the rotation of the joint. The layout of LVDTs are shown in Fig. 6.

Fig. 4 Schematic test setup

Fig. 5 Reverse cyclic
loading history
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4 Results and Discussion

4.1 Damage Progression

Upon application of loading, flexural cracks are developed at both top and bottom
faces of beam portion of GLD specimen SP1, up to the drift ratio of +0.737%. At
drift ratio of +1.47%, a joint crack of 3 mm width is developed due to the absence
of proper anchorage of beam bottom reinforcement and this joint crack got widened
with increase in drift ratio. At a drift ratio of +2.94%, the joint crack width is found
to be 13 mm and can be seen in Fig. 7a. During the negative cycles of specimen
SP1, upon further increment of drift the major damage is shifted toward the joint
region by exhibiting diagonal cracks in the joint. The diagonal shear cracking of the
joint at drift ratio of −2.94% is shown in Fig. 7b.

In non-ductile specimen SP2, flexural cracks developed along the beam are
widened till drift ratio of ±2.2% beyond which the flexural cracks in the beam
remain dormant. After the drift ratio of ±2.2%, the growth of joint shear crack is
observed to be drastic, propagated into the column, and extended beyond the depth

Fig. 6 Layout of LVDTs

Fig. 7 Crack pattern a at +2.94% (left) and b at −2.94% (right) drift ratio—SP1
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of the column. During the final stage of loading, at drift ratio of ±5.88% upheaval
of concrete in the joint region and opening of joint is observed as shown in Fig. 8.

For ductile specimen SP3, the flexural cracks spread throughout the length of
beam in both positive and negative cycles during initial drift increments. Two
predominate cracks, one at the face of joint and other at distance of D/2 from the
face of joint, formed and widened during the positive cycles up to the drift ratio of
4.4%. Even though the diagonal shear cracks are developed at the drift ratio of
+1.47%, the crack widths are smaller and the widening and propagation of diagonal
shear cracks are active only after the drift ratio of +4.4% and −3.67% in the positive
and negative cycles, respectively. At the final stage of loading, at the drift ratio of
7.05%, column cover concrete at the outer face of column spalled-off and upheaval
of joint concrete is also observed as shown in Fig. 9 due to excessive shear cracking
in joint region.

It is also found from the experimental studies that with the evolution of the code
provisions from gravity load designed to non-ductile and then to ductile specimens,
a marked improvement in damage resilience is observed. From experimental
investigation of non-ductile (SP2) and ductile (SP3) specimens, it is noted that with
appropriate reinforcement detailing and proper confinement, damage can be initially
concentrated in beam portion and the joint deterioration can be delayed to an extent.
Proper confinement (as provided in the case of SP3) resulted in the formation of
wider and stronger concrete strut joining the corners of the joint to transfer the force

Fig. 8 Crack pattern at +5.88% (left) and −5.88% (right) drift ratio—SP2

Fig. 9 Crack pattern at
+7.05% (left) and −7.05%
(right) drift ratio—SP3
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at initial stage. Further, with increase in load level, truss mechanism is developed in
the joint region of ductile specimen (SP3) and the column reinforcement bars and
ties participated in force transfer mechanism. This mechanism delayed the crack
propagation and dilatation of the joint region.

4.2 Load–Displacement Behavior

The load versus displacement hysteresis curves obtained from reverse cyclic tests
carried out on specimens SP1, SP2, and SP3 are shown in Fig. 10a–c. From the
load–displacement hysteresis curves, it is evident that specimen SP1, which was
designed only for gravity loads, exhibited poor seismic performance when com-
pared to that of the other specimens. The poor seismic performance of specimen
SP1 is due to lack of anchorage and inadequate reinforcement at beam bottom. The
maximum load carried by specimen SP1 during the positive cycles is 54% lesser
than the maximum load carried by the same specimen during the negative cycles. In
the positive cycle of specimen SP1, the load is dropped at the displacement cycle of
25 mm (1.47% drift ratio) due to the slippage of beam bottom reinforcement, which
could be witnessed by the formation of prominent wide crack at the joint. During
negative cycle of loading on specimen SP1, the load increased with the increase in
displacement until the yielding of beam top reinforcement had taken place. Beyond
this with the further increment of drift, degradation in global strength is observed.

The presence of intermediate column bars and proper anchorage of beam bottom
reinforcement facilitated better performance of SP2. Even though SP1 and SP2 had
same reinforcement at the beam bottom, improper anchorage of beam bottom bars
in SP1 resulted in anchorage failure, whereas proper anchorage of rebars in SP2
improves its hysteresis performance. Specimen SP3 (with ductile detailing) carried
more load than SP2 even though it is designed for lesser seismic force. In the
positive cycle, the maximum strength is attained in SP3 at a displacement level of
37.5 mm (drift of 2.2%) and the load is sustained up to the displacement level of
87.5 mm (drift of 5.15%). This may be due to the presence of confinement of joint
due to the presence of ties in the joint region. Beyond this displacement level,
strength degradation is observed. In negative cycles of SP3, after attaining the
maximum strength at drift ratio of 2.2% the load sustained for subsequent dis-
placement levels (from drift ratio of 2.2–3.68%) and then strength begins to
decrease. The load–displacement hysteresis is observed to be unsymmetrical for
positive and negative cycles in all specimens since the beam main reinforcement at
the top and bottom is unequal.

The load envelope obtained for specimens SP1, SP2, and SP3 is depicted in
Fig. 11. The maximum loads carried by the specimens SP2 and SP3 in the positive
cycle are 58 and 94 kN, respectively. This higher load carried by ductile specimen
is due to provision of positive steel at the joint face equal to at least 50% of negative
steel at that face from ductility detailing consideration, but the provided steel was
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(a)

(b)

(c)

Fig. 10 a Load–
displacement hysteresis of
SP1. b Load–displacement
hysteresis of SP2. c Load–
displacement hysteresis of
SP3

Fig. 11 Load envelope of
specimens SP1, SP2, and SP3
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higher than 50% of the negative steel as the tension steel at beam bottom is
extended. In the negative cycle, maximum load carried by the non-ductile (SP2) and
ductile specimens (SP3) is 112 and 123 kN, respectively. Even though the
non-ductile specimen has slightly higher reinforcement than the ductile specimen at
beam top, the ductile specimen carried higher load than the non-ductile specimen.
This could be due to the fact that proper force transfer mechanism took place in
ductile specimen from beam to column through joint and reduced degradation of
joint due to confinement of joint due to provision of ductile detailing of joint region.
The maximum load carried by SP3 in the positive cycle is 58 and 39% higher than
that of SP1 and SP2, respectively. Similarly, the maximum load carried by SP3 in
the negative cycle is 31 and 9% higher than that of SP1 and SP2, respectively. This
signifies the importance and underlines the need for providing ductility detailing.

4.3 Energy Dissipation

The energy dissipation is one of the crucial performance parameters, as the energy
imparted to system during earthquake has to be dissipated by the system either
elastically or through elastic–plastic response. The cumulative energy dissipation
capacities of specimens SP1, SP2, and SP3 are shown in Fig. 12. Till the drift ratio
of 1.47%, the cumulative energy is same for the specimens SP1, SP2, and SP3, i.e.,
till the anchorage failure of beam bottom bars. Beyond this drift ratio, SP2 dissi-
pated more energy through large inelastic deformation which is absent in the
gravity load-designed specimens SP1. The cumulative energy dissipated by the SP3
is much higher when compared to SP1 and SP2. The maximum cumulative energy
dissipated by SP3 is 89 and 61% higher than that of SP1 and SP2, respectively. The
presence of confinement reinforcement in the form of stirrups in the joint region
resulted in sustaining load and undergoes huge inelastic deformation resulting in the
remarkable improvement in the energy dissipation in the case of SP3. This signifies
the superior performance of ductile-detailed specimen SP3.

Fig. 12 Cumulative energy
dissipation of the specimens
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5 Conclusions

From the experimental investigations carried out on beam-column sub-assemblages
of three different design evolutions, the following conclusions are drawn: It is found
from the experimental studies that with the evolution of the code provisions from
gravity load designed to non-ductile and then to ductile specimens, a marked
improvement in damage resilience is observed. The gravity load specimen (SP1)
exhibited poor seismic performance when compared to that of the other specimens
due to improper anchorage of beam bottom bars. Even though the non-ductile
specimen has slightly higher reinforcement than the ductile specimen at beam top,
the ductile specimen carried higher load than the non-ductile specimen. This could
be due to the reduced degradation of joint by the provision of confinement rein-
forcement in the joint region as per ductility detailing. The ductile specimen
exhibited better seismic performance when compared to other specimens in terms of
better damage resilience, hysteretic behavior, and enormous improvement in the
energy dissipation. However, even in specimen SP3, weak beam mode of failure
was not observed and the specimen encountered joint shear failure.
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Crushing Analysis of Tapered Circular
Corrugated Tubes Subjected to Impact
Loading

Sharad Rawat, A. K. Upadhyay and K. K. Shukla

Abstract The study investigates the crashworthiness of Magnesium AZ31 tapered
circular corrugated tubes under axial and oblique impact. Nonlinear FEM code
LS-DYNA is used for simulations with Belytschko–Tsay four-node shell elements
on thin-walled tapered tubes. The study aims to analyse the effect of varying
corrugations along the length of the tube on initial peak force and specific energy
absorption (SEA). It is observed that the graded corrugations in amplitude facilitate
the progressive collapse and uniform load–displacement behaviour of tapered tubes.

Keywords Impact � Corrugated tubes � Thin-walled structures
Crashworthiness � Oblique loading

1 Introduction

Due to an exponential increase in the road accidents, safety has become of para-
mount concern for the automotive industry. Thin-walled tubes are extensively used
as energy absorbers. Corrugated thin-walled tubes have also become an attractive
area of research. Singace and Sobky [1] reported their study in corrugated tubes by
concluding that the decrease in stiffness of the tube leads to load uniformity.
Dependency of mode of deformation on D/t ratio was also established. Different
modes of deformation and the influence of amplitude and wavelength of corruga-
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tions on these modes are studied by Chen and Ozaki [2]. In case of tapered tubes
[3], a large taper angle is not suggested due to space limitations which hinders
maximum utilization of tapered structures. In the book [4], dependency of
non-compact and compact mode was discussed on side to thickness ratio [5]. The
dependency of energy absorption characteristic on thickness of tube and angle of
impactor was established [5]. Karagiozova et al. [6] observed the increase in the
energy absorption and mean force on crushing the tube with high impact velocity
numerically. El-Hage et al. [7] examined various trigger mechanisms and reported
their influence on initial folding force. For simple tubes, increase in thickness
decreases the number of natural lobes during deformation and higher impact
velocities leading to irregularities were reported [8]. Strain concentration during
deformation of square corrugated tubes was also studied [9] where proportional and
inversely proportional relation between thickness–strain concentration and corner
radius/side length–strain concentration respectively. This study aims to analyse and
compare the corrugated tapered circular tubes against the simple tapered tube and
how the characteristics would improve on varying the corrugation amplitude/
wavelength along the length of the tube.

2 Methodology

In the present study, corrugations are graded for their amplitudes and wavelengths
using mathematical equations. The tubes are modelled in CATIA using equation
editor. Nomenclature is as follows: The first word gives information about corru-
gated (T (k, a)) or simple (St) nature of the tubes. The notation T (c, l) _X_Y means
corrugated tube with constant degree of wavelength (c) and linear function of
amplitude (l). The alphabet (X) tells about the corrugations: A means corrugation
starts at larger diameter side, B means at smaller diameter, and 0 means no cor-
rugations. The alphabet (Y) represents impact side: A means that the impact is at
higher diameter and B means at lower diameter. Configuration of tube T (c, c) is
same for alphabet (X) whether A or B. Therefore, alphabet is used for T (c, c). For
instance, for T (c, l) _A_A, the equation is y = 1 mm * X * sin (2 * Pi * 8 * X).
The respective equations are mentioned in Table 1. Further, LS-DYNA is used to
carry out numerical simulations. The tubes have a smaller diameter of 50 mm, taper
angle of 5°, and length of 150 mm. It has a thickness of 2 mm, amplitude of
corrugated tubes is 1 mm, and there are eight corrugations along the length.
Convergence study has been carried out, and the mesh size of 1.8 mm was deter-
mined with a corrugated tube as shown in Table 3. The nonlinear code used in the
present study is also validated with several results available in the open literature
and found to be in good agreement. The material properties of Magnesium AZ31
[10] are considered in the analysis.

Figure 1 schematically shows the configuration and boundary conditions of the
model. One end is constrained (DOFs 0), and impact has been done on the other
end.
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Table 1 Tube nomenclature

Tube Amplitude Wavelength Governing equation

St No corrugations 4 No corrugations y ¼ 0

T (c, c) Constant Constant y ¼ sin 2p:8 tð Þð Þ
T (l, c) Constant Linear y ¼ sin 2p:8 t2ð Þð Þ
T (p, c) Constant Parabolic y ¼ sin 2p:8 t3ð Þð Þ
T (c, l) Linear Constant y ¼ t sin 2p:8 tð Þð Þ
T (c, p) Parabolic Constant y ¼ t2sin 2p:8 tð Þð Þ

Table 2 Material properties

Material
grade

Stress at 0.2% yield
(MPa)

Ultimate
strength

Young’s modulus
(GPA)

Density (kg/
m3)

AZ31 115 380 42 1780

Table 3 Mesh size and
convergence behaviour of
tapered corrugated tube

Mesh 2.4 2.2 2.0 1.8

Peak force
(kN)

20.47 20.52 20.48 20.49

Energy
absorbed (J)

1691.42 1710.88 1692.42 1698.91

Fig. 1 Simulation model
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The amplitude of these corrugations is equal to 1 mm. Parabolic and linear
functions of wavelength (2k) as well as amplitude (a) have been studied along. The
tubes have undergone axial as well as oblique impact. A comparative study of all
the responses of the aforementioned tubes has been done in the next section.
Properties of Magnesium AZ31 have been mentioned in Table 2. Strain rate was
not taken into consideration.

Figure 2 shows the tube specifications pictorially. Figure 3 a, b shows the
various corrugated circular tapered tubes incorporated in the present study.

In LS-DYNA, Belytschko–Tsay four-node shell element is used to model the
tubes. The simulation was carried out using the material card MAT-24,
MAT_PIECEWISE_LINEAR_PLASTICITY. MAT-24, simultaneously, completely
displays characteristics of plastic phase and elasto–plastic material with any arbitrary
stress–strain curve defined. Five intergeneration points across the wall thickness were
adopted which was effective in buckling response. An imaginary rigid wall with mass
and velocity is made to impact on the non-constrained end of the tube with the
interface friction set to 0.1. CONTACT_AUTOMATIC_SINGLE_SURFACE with
µ = 0.1 is used to prevent self-penetration during deformation process.

The nonlinear code used in the present study has also been validated with the works
of Kumar et al. [11], and the results obtained are in good agreement as shown in
Table 4. Tube specifications used for the validation were: L = 90 mm, D = 45 mm,
t = 1.4 mm. Mass = 60 kg and velocity = 7 m/s were used for dynamic loading.

Fig. 2 Tube specifications
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3 Results and Discussions

First of all, the side of impact and side where the corrugation should begin are
developed. Figure 4a shows the advantage of a tapered circular corrugated over
simple circular tapered tube. The corrugated tube T (c, l)_B_B shows significant
reduction of 46% initial peak force in the tube over St_0_B and also an improve-
ment over the tube T (c, l)_A_B. But there is 20% reduction in SEA of T (c, l)
_B_B than St_0_B, the uniformity in load–displacement curve is better. Figure 4b
shows improved characteristics in the case where the impact is done on a lower
diameter side. There is a reduction of 60% in initial peak force. Thus when the
corrugations begin from the lower diameter side and impact is made on side with
lower diameter, then better response of energy-absorbing structure is obtained.

4 Amplitude Grading

Amplitude of corrugation is graded for the tube T (c, l) _B_B and
T (c, p) _B_B from the non-graded tube T (c, c) _B_B. Figure 5 shows their
comparative reaction force variation with displacement. It can be seen that the peak

Fig. 3 Tubes incorporated in the study

Table 4 Comparison of the
peak force and energy
absorbed

Model Favg (kN) Eabsorbed (J)

Kumar et al. [11] 23.98 1123.68

Present study 23.33 1100
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force of T (c, c) _B_B and T (c, p) _B_B is more or less near to that of the tube
T (c, l) _B_B. The peak forces and SEA for the tube T (c, c) _B_B, T (c, l) _B_B and
T (c, p) _B_B are 20.12, 19.62, and 19.66 kN and 13.52, 15.57, and 16.83 kJ/kg.
Therefore, the tube T (c, p) _B_B is superior to the other mentioned tubes. This can
be inferred that as the degree of amplitude is increased, the tube provides an
advantage of lower peak force like a corrugated tube in early stages of deformation
and also higher energy absorption like a normal tube in the later deformation stages.
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5 Wavelength Grading

The peak force and specific energy absorption (SEA) of linear and parabolic graded
tubes T (l, c) _B_B and T (p, c) _B_B along with the nongraded tube T (c, c) _B_B is
shown in Table 5. It can be observed that as the degree of wavelength in corru-
gation function is increased the peak force increases and SEA decreases credited to
increase in the mass of the tube with increase in the degree. Therefore, wavelength
grading may not be an improvement over T (c, c) _B_B.

The tube T (c, p) _B_B is the most superior of all the tubes studied in the study.
Hence, for further study, only this tube is considered. Since majority of the real-life
impacts are oblique in nature, a comparative study of the responses of the tubes in
oblique loading at different angles (5° and 10°) was also conducted. Figure 6a, b
represents the load–displacement of tubes at oblique angles.

It can be observed that as the angle of impact is increased, the peak force, mean
force, and hence the SEA decrease. As the angle is increased, the response of tube

Table 5 Comparative peak
force and SEA of various
tubes

Tube Peak force (kN) SEA (kJ\kg)

T (c, c) _B_B 20.12 13.52

T (l, c) _B_B 21.57 14.40

T (p, c) _B_B 22.81 13.65
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Fig. 6 a Comparative load–
displacement of tubes
at axial and 5° loading.
b Comparative load–
displacement of tubes at axial
and 10° loading
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T (c, p) _B_B shifts closer to the tube St_0_B. A clear inference can be made from
Table 6. T (c, p) _B_B has higher SEA than St_0_B at 10°. This is because cor-
rugated tube prevents bending more effectively than the normal tube because of an
increased bending moment.

Figure 7 shows the collapse mode of the tube St_0_B and T (c, p) _B_B. The
progressive buckling in concertina mode throughout its deformation clearly shows
the advantage of using graded corrugations. Also, tube St_0_B shows mixed mode
of deformation. Concertina mode has highest energy absorption per unit length of
material deformed. At higher angle of impact, mixed mode of deformation can be
observed in T (c, p) _B_B. Therefore, energy absorption characteristics can further
be improved at higher angles where concertina mode of deformation is achieved,
which is the future scope of the current study.

Table 6 Comparative SEA
of tubes at oblique impact
angles

Tube Angle (°) SEA (kJ\kg)

St_0_B 0 19.54

St_0_B 5 16.04

St_0_B 10 14.35

T (c, p) _B_B 0 16.72

T (c, p) _B_B 5 15.11

T (c, p) _B_B 10 15.10

Fig. 7 Collapse mode of the
St_0_B and tapered tube T (c,
p) _B_B and tube T (c, p)
_B_B-10°, respectively
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6 Conclusions

Finite element method is used to study the effect of variation of degrees of
amplitude and wavelength of corrugations on crashworthiness of tapered circular
tube. The tube T (c, l) _B_B, where corrugations begin and impact is made on the
end with lower diameter, shows significantly higher reduction in initial peak force
than the reduction in SEA when compared to other tubes with linear amplitude
variation and simple tapered tube. The tube T (c, p) _B_B shows better energy
absorption characteristics than tubes with grading in amplitude and wavelength in
axial and oblique impact angles. Therefore, parabolic degree of amplitude in cor-
rugation function has better crashworthiness.
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Effect of Noise on Vortex-Induced
Vibrations of Circular Cylinders

M. S. Aswathy and Sunetra Sarkar

Abstract In this study, we examine the effect of uniformly distributed noise
superimposed on a steady, incompressible mean flow, past a circular cylinder
undergoing transverse oscillations. We use a Duffing–Van der pol combined system
for the present investigation in order to model the associated nonlinear behavior.
We observe that as we vary the mean velocity as the bifurcation parameter, noise
brings in major qualitative and quantitative changes on the structural response of
the system compared to the deterministic cases. Noise induces new dynamical states
in this vortex-induced vibration (VIV) system. The noise, depending on its coef-
ficient of intensity, has a role in advancing the lock-in regime. The time histories of
the response prior and post lock-in show different dynamics compared to the
deterministic cases. Also, depending on the intensity of the noise coefficient, the
probability density functions of the response amplitude also undergo qualitative and
quantitative changes. We investigate the existence of P (phenomenological)-
bifurcations in the VIV system by analyzing the joint probability density functions
and quantify the response using Shannon entropy.

Keywords Vortex-induced vibrations � Bifurcation � Uniformly distributed
Probability density function

1 Introduction

Vortex-induced vibrations of circular cylinders are an important area of research in
many practical situations, especially in heat exchangers, bridges, tall buildings, riser
tubes, towing pipes, power transmission lines, etc. Flow around circular cylinders
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stands as the first step in understanding such flows. Analytical formulations have
been found useful to study such scenarios to understand the underlying physics of
the problem. The dependence of structural response on the flow and other
parameters can be better understood through such formulations.

In the present study, we make efforts to capture the effect of noise superimposed
on a uniform incoming flow on the dynamics of an elastically mounted rigid
cylinder undergoing transverse oscillations. A combined Duffing–Van der pol
oscillator system is used to do this study for cylinders. Williamson et al. [1] and
Feng [2] presented interesting experimental results for low mass and high mass to
damping cases, respectively. Analytical formulations which have marked them-
selves as phenomenological are those based on wake oscillators in the form of Van
der pol or Rayleigh equations such as that presented by Bishop and Hassan [3],
Hartlen and Curie [4]. Fachinetti et al’s. [5] model was a major breakthrough since
they brought an effective coupling model to characterize VIV due to circular
cylinders.

Though lots of studies have been made to study system responses under
deterministic environment, not much of studies have been done to understand the
effect of stochastic fluctuations on the system dynamics. Noise can be inherently
present or externally induced. So, it is important that we have an idea on the impact
they will have on the system dynamics which would be different from our deter-
ministic studies. It is also important to extend our study to the stochastic bifurca-
tions, which can occur in the VIV system.

In our current Duffing–Van der pol model, at each time step, we add a multi-
plicative noise on the mean flow, which is uniformly distributed. Then, the system
response and their changes are studied with increasing reduced velocity. Pankaj
et al. [6] have made a study on the P (phenomenological)-bifurcations occurring in
a simple Duffing–Van der pol oscillator subjected to additive noise. Drawing
inspiration from this work, we analyze our stochastic VIV system based on their
pdfs and Shannon entropy.

2 Methodology

The model consists of a single degree of freedom elastically supported circular
cylinder subjected to incompressible constant flow with uniformly distributed noise
superimposed on it. The Strouhal number is assumed to be 0.2, as suggested by
Blevins [7], in the subcritical range of Reynolds number, 300 < Re < 1.5 � 105.
This physical model is captured using an analytical model, wherein we propose a
mechanical spring–mass system of the Duffing type to model the transverse
vibrations of an infinitely long cylinder. Along with this, a Van der pol oscillator is
used to describe the wake dynamics. The final forms of non-dimensional equations
of motion are
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€yþ k _yþ yþ ay3 ¼ MX2q

€qþ €X q2 � 1
� �

_qþX2q ¼ A€y

where y is the non-dimensional structural amplitude and q is the wake variable
associated with a fluctuating lift coefficient; the damping term k is the sum of
structural viscous damping and the fluid added damping, where k ¼ 2fþ cX=l
and f is the structural reduced damping coefficient, taken as 0.0000524 [4]; the
values of c which is a stall parameter assumed a value of 0.8 [5]; X is the ratio of the
vortex shedding frequency to the cylinder natural frequency in the medium; µ is
the mass ratio; € and A are empirical coefficients to be determined. M is a mass
number, which is a function of the mass ratio [5]. The coupling model used for the
wake in the present work is an acceleration-coupling model [5]. The Strouhal
number for the present study is assumed to be 0.2, as suggested by Blevins [7], in
the subcritical range of Reynolds numbers. € and A values have been chosen as 0.3
and 12, respectively [5]. In the present case, we add a fluctuation to the mean value
of reduced velocity as u = Um + (c * u′), where u is total reduced velocity, Um is
the mean flow reduced velocity, c is the intensity of noise coefficient, and u’ is
either a uniformly distributed fluctuation.

3 Results and Observations

The value of Duffing coefficient is taken as 0.7 in the present case. Figure 1 shows
the time histories of deterministic system just before lock-in, at lock-in, and just
after lock-in. Figure 2 is the bifurcation diagram showing variation of
non-dimensional amplitude y with respect to reduced velocity Um. It is seen that
small amplitude limit cycle oscillations exist until Um = 4.5. At Um = 4.6,
high-amplitude LCOs exist. The lock-in regime exists until Um = 4.5, where the
oscillations again jump back to small amplitude LCOs.

3.1 Effect of Uniformly Distributed Noise

Firstly, we investigate the effect of a uniformly distributed parametric noise in the
incoming flow on the system response. The intensity of noise is slowly changed
from smaller to larger values to study how it influences the system dynamics. The
noise intensity is increased from 0.5 to 4 in steps of 0.5. It is seen that the noise
intensity has a major role in advancing the lock-in regime and in affecting the
system dynamics.
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(a)

(b)

(c)

Fig. 1 Typical time histories for deterministic system: a before lock-in, b at lock-in, and c after
lock-in

Fig. 2 Bifurcation diagram for deterministic system
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We start with a noise coefficient value of 0.5. It is seen that the response is
almost similar to that of the deterministic case except for the fact that the response
has become random limit cycle oscillations and does not have a defined pattern of
repetition of signals. Still, it very much resembles the deterministic case, with
respect to maximum amplitude, onset of lock-in, etc.

Now, the noise intensity is increased to 1. Though the value has been increased
by just 0.5 from the previous case, this has brought out major changes in the
responses of the system. We discuss it as follows.

Figure 3a corresponds to the system response at a mean reduced velocity of 3,
where the oscillations are seen to be of small amplitude and always bounded within
a range. As the reduced velocity reaches 4, the behavior of the system changes
instantly. Apart from the fact, the signals are highly irregular compared to the
deterministic cases; the structural response is characterized by amplitudes which
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(f) Um=8.1

Fig. 3 Structural amplitude versus mean reduced velocity at c = 1
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differ by orders of magnitude for a reduced velocity. Figure 3b illustrates such a
state depicting the time response at reduced velocity of 4 (just before lock-in).
Though the response looks erratic at one glance, they are intermittent limit cycle
oscillations switching between high and low amplitudes. There are response values
as high as 0.01 and as low as 0.001. But this response does not occur in a pre-
dictable way, meaning we do not know ‘when’ the high or low-amplitude oscil-
lations might occur. It can be referred to as a state, which is shuttling between the
lock-out and lock-in zones. This state of the system is worth noting due to the fact
that it is an indicator of the approaching lock-in state.

Figure 4a, b represents pdfs of the above-mentioned two states. It is seen that
except for some quantitative changes, where the latter pdf has grown broader, both
states show unimodal pdfs.

At a mean reduced velocity of 4.3, we see regular high-amplitude random LCOs
as seen in Fig. 3c. The pdf for this case is shown in Fig. 4c. It is a bimodal pdf
indicative of the two ends of the random limit cycle oscillations present in the
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Fig. 4 Changes in pdfs of the structural response with increasing reduced velocity
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system. It is also to be noted that lock-in has occurred at much earlier velocities in
the presence of noise compared to the deterministic cases.

Soon after this, system passes through intermittent LCO state, and at farther
velocities away from the lock-in, we have a bimodal pdf again indicative of a small
amplitude limit cycle oscillations whose maximum amplitude is of the order of
0.001 as shown in Fig. 3f. The pdf of this state is a bimodal one. So, the system
seems to be crossing different dynamical states of whose pdfs are not exactly
indicative of the type of response always.

The discussed results establish that there is clearly a qualitative change in the
behavior of the system, which is reflected in the pdfs also. But it is not always
possible to comment on the type of response just by the qualitative look of the pdf.
For example, Fig. 3a, b represents time responses having two different dynamics.
But both have unimodal pdfs where the spread of the latter is wider as seen in
Fig. 4b.

In order to study if a further increase in noise coefficient can bring about any
changes, the intensity has been made to 2. Apart from the previously mentioned
states, we observe another interesting type of response for this case discussed as
follows (Fig. 5).

Figure 5 represents the system response for mean reduced velocity of 4.5, for
c = 2. At 4.6, it moves out of the lock-in regime. So, just before the lock-out zone is
approached, it has a response which includes a long transient which is bounded
(neither growing nor decaying) and of very small amplitudes. So, an analysis of the
system up to just 6000 s, which is a very long interval compared to the previous
cases, makes it seem as though the system has already reached the lock-out zone.
But, it is seen that, after this long interval, system suddenly settles into
high-amplitude RLCOs corresponding to the lock-in zone again. This can be a
potentially dangerous situation in real-life situations. We consider it important to
account for the small amplitude value oscillations in the beginning due to the fact
that they are neither growing nor decaying oscillations and that they stay for a
considerable amount of time in the system. Figure 6 shows the pdf for this case. As
can be seen, it is a trimodal pdf whereby it has come out as a combination of the
bimodal and unimodal states corresponding to the high-amplitude RLCOs in the
lock-in zone and low-amplitude LCOs in the lock-out zones, respectively.
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Fig. 5 Response time history at Um = 4.5, c = 2
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3.2 Joint Probability Density Function
and Shannon Entropy

We have already seen that a circular cylinder undergoing VIV has different
dynamical states characterized by qualitatively and quantitatively different proba-
bility density functions. These results are seen similar under effect of Gaussian
noise too. But confirmation of P-bifurcations is incomplete without examining the
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Fig. 6 Trimodal pdf for
Um = 4.5, c = 2

Fig. 7 Topological changes in joint pdfs for Um = 3, 4.1 and 5 corresponding to a–c indicating
the presence of different attractors and hence p-bifurcations
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joint pdfs. Figure 7a–c shows the joint pdfs for three different velocities: Um = 3,
4.1, and 5 (for Gaussian noise with intensity coefficient 1). It is seen that at
Um = 4.1 the topological behavior of the pdf has completely changed implying the
existence of a different attractor compared to the previous cases.

Now that the presence of P-bifurcation is confirmed, we look forward to
invoking a measure which can quantify the randomness of the system. This is done
through studying Shannon entropy. Entropy is defined as the amount of disorder
present in the system. Shannon entropy of a process X (t) is defined as [8]

H X; tð Þ ¼ Z1

�1
p X; tð Þlog10p X; tð ÞdX

We calculate the Shannon entropy based on our joint pdfs. For a particular noise
and noise intensity, it is seen that as velocity is increased, the entropy also is
increased till lock-in. The entropy is seen to remain constant throughout the lock-in
regime. Later, entropy decreases when the system crosses the lock-in regime. It is
also observed that increase in noise intensity leads to more fluctuating entropies,
especially in the lock-out zone. This feature is illustrated in Fig. 8. For c = 1.5, the
decrease in entropy values is not as smooth as c = 1 case. We see more fluctuating
entropies as intensity of noise coefficient is increased. Lower values of entropy
indicate small amplitude oscillations, and a non-changing entropy value represents
the lock-in zone.

Fig. 8 Shannon entropy versus mean reduced velocity in the presence of noise for c = 1 and
c = 1.5
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4 Conclusion

In this work, we present the effect of noise on the structural amplitude of a cylinder
undergoing vortex-induced vibrations. It is observed that uniformly distributed
fluctuations imposed on uniform incoming flow are capable of bringing major
qualitative changes in the structural response of the system. The onset and regime of
lock-in also get advanced in the presence of noise. The existence of P-bifurcations
in this stochastic system is confirmed through the topological changes undergone
by pdfs. It is seen that, as the velocity is increased, the system passes through
different dynamical states depending on the type and intensity of noise. They are as
follows: (1) small amplitude-bounded oscillations, (2) intermittent LCOs whose
amplitudes shuttle between high and low amplitudes, (3) regular high-amplitude
RLCOs in the lock-in state, (4) response with small amplitude-bounded oscillations
which stay for a large amount of time and suddenly settle into high-amplitude
oscillations thereafter, (5) small amplitude-bounded oscillations. Cases 1, 3, 5 occur
in all systems irrespective of the coefficient of intensity or type of noise. Cases 2
and 4 occur for certain values of noise intensities only. It is seen that 1, 3, and 5 are
characterized by unimodal pdfs in majority of cases. Case 3 is characterized by a
bimodal pdf indicating two amplitude extremes of the random LCOs. Case 4 is an
interesting state characterized by a trimodal pdf, which represents a combination of
the two types of dynamical states present in the system. In order to further confirm
the existence of P-bifurcations, we consider the joint pdfs of these responses. They
also undergo topological changes indicating the creation and destruction of new
attractors. Further, we investigate on Shannon entropy of the system as a measure to
quantify the disorder in the system. It is seen that as velocity is increased, entropy
also increases till lock-in regime where it remains constant. After the lock-in,
entropy again decreases either smoothly or with heavy fluctuations depending on
the intensity and type of noise. Thus, a very high and non-changing entropy value
can tell us that the system is in the lock-in state.

In short, the current study establishes the existence of P-bifurcation in
stochastically excited VIV system. The effect and influence of other types of
stochastic fluctuations and different set of parameters are also under study by the
authors.
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Seismic Behaviour of RC Slab–Shear
Wall Assemblage Using Nonlinear Static
and Dynamic Analyses

Snehal Kaushik and Kaustubh Dasgupta

Abstract Extensive research has been carried out in the past on the behaviour of
shear walls for earthquake loading. The junction region of reinforced concrete
(RC) wall and floor slab in multistoried buildings plays an important role in transfer
of forces to the wall during earthquake shaking. However, extensive investigations
on seismic behaviour of structural wall–slab assemblage have not been carried out.
In the current study, the possible seismic response of an exterior shear wall–slab
junction is investigated through nonlinear static and dynamic analyses of RC wall–
slab assemblage. The stresses developed in the wall–slab junction are monitored to
investigate the tensile damage. Nonlinear static analysis showed higher values of
stresses and tensile damage at the junction region than the dynamic analyses under
the selected ground motions.

Keywords Shear wall � Floor slab � Slab wall junction � Nonlinear static analysis
Dynamic analysis

1 Introduction

Reinforced concrete (RC) structural walls are widely used in multistoried RC frame
buildings to provide lateral strength and lateral stiffness during strong earthquake
shaking. In most of the tall buildings, wall–slab junction plays a very important role
in transferring forces from each floor level to the wall during earthquake shaking.
Although various studies have been carried out in the past on isolated shear wall
and floor slab–column junctions, shear wall–floor slab junction has not been studied
extensively.
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In the past studies, the strength and stiffness of RC wall–slab junction have been
investigated using 3D finite element method. It was observed that the theoretical
strains, deflections, and failure loads were in good agreement with the experimental
values [1–3]. Some researchers have also carried out modelling of composite beam–

RC wall junction [4]. Apart from monolithic wall–slab junctions, behaviour of
precast wall–slab junction has been investigated experimentally. The mathematical
models, strut and tie model, and modified stiffness matrix method are proposed in
order to analyse both monolithic and precast type of connections [5]. Experiments
have been carried out on RC slab–squat wall panel under monotonic and cyclic
lateral forces to obtain the inelastic behaviour of the members [6]. The shear
wall-slab assemblage with slab shear reinforcement bent at 90° at the joint works
very well in the moderate to high seismic risk regions [7]. During strong earthquake
shaking, the dynamic force may lead to high-stress concentration at the shear wall–
slab junction and subsequent localized failure [8].

Considering the limited research carried out on seismic behaviour of shear wall–
slab junction, the main aim of this study is to investigate the stress concentration
and study the damage pattern at the wall–slab junction region caused due to
earthquake shaking. Nonlinear static and time history analyses of the shear wall–
slab assemblage are carried out to study the behaviour under earthquake loading. To
investigate the seismic behaviour of the structure under earthquake action, a refined
finite element model is developed using the computer program ABAQUS [9].
Nonlinear time history analyses are conducted using implicit integration method to
study the tensile damage at the shear wall–slab junction. The stresses in the wall–
slab junction are monitored to see the failure mode in both shear wall and floor slab
along with the crack propagation in the concrete.

2 Finite Element Modelling

A symmetrical five storied RC wall–frame building is considered to carry out the
nonlinear static and dynamic analyses [10]. Reinforcement is embedded in the
assemblage (Fig. 1) for the analysis. Both top and bottom bars of the slab are bent
at 90° and extended to the exterior face of the shear wall. The reinforcement in the
RC shear wall consists of 8 mm diameter rebar spaced at 150 mm c/c. The rein-
forcement is provided in two layers along both the horizontal and vertical direc-
tions. Equal reinforcement percentage is provided along the height and width of the
wall. The reinforcement provided in the slab is 8 mm diameter bar placed at
300 mm c/c in both directions.

The wall–slab assemblage is modelled using eight-noded solid element with
reduced integration (C3D8R) using the finite element program ABAQUS [9].
Reinforcement bars are modelled with 2D truss linear element (T3D2) embedded in
the solid element. The interaction between wall and slab is modelled as a rigid link
(tie constraint), which is based on master node–slave node interaction; however, no
sliding is allowed and the parts are rigidly connected.
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3 Material Properties

In the present study, bilinear stress–strain curve is used for the reinforcing steel to
provide nonlinearity in the material. A realistic nonlinear stress–strain curve is used
for concrete along with the concrete damaged plasticity (CDP) model. Concrete
damage plasticity model is chosen to assign the concrete properties to the structure.
The material properties of concrete and steel are shown in Table 1.

3.1 Concrete Damage Plasticity Model (CDP)

The Concrete damaged plasticity (CDP) model in ABAQUS uses the concepts of
isotropic damaged elasticity and hardening plasticity to represent the behaviour of
plain and reinforced concrete [11]. The model uses the yield function of Lubliner
et al. [12] with the modifications proposed by Lee and Fenves [13] to account for
the multiple damage states (compression and tension damage). The flow potential is
defined using a Drucker–Prager function of the hyperbolic type. The model is a
continuum, plasticity-based, damage model for concrete with the two principal
failure mechanisms as tensile cracking and compressive crushing of concrete. The
evolution of the yield (or failure) surface is controlled by two hardening variables,

Fig. 1 A typical shear wall–
slab assemblage

Table 1 Material properties
for concrete and steel

Concrete Steel

Density (kg/m3) 2,500 7,800

Elastic modulus (MPa) 25,000 200,000

Poisson’s ratio 0.2 0.3

Compressive strength (MPa) 25 –

Tensile strength (MPa) 3.5 –

Yield stress (MPa) – 415

Ultimate stress (MPa) – 527
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tensile and compressive equivalent plastic strains, linked to failure mechanisms
under tension and compression loading.

Among the input parameters for CDP, the modulus of elasticity, Poisson’s ratio,
yield stresses in compression and tension are considered as 25,000 MPa, 0.2 MPa,
25 MPa and 3.5 MPa, respectively. The dilation angle, eccentricity, viscosity
parameter, shape factor (Kc) and stress ratio rb0=rc0 are assumed as 55°, 0.1 [14],
0.01, 0.667 and 1.16, respectively. The CDP model and the detailed behaviour of
concrete in compression and tension are the same as discussed by Kaushik and
Dasgupta [15]. The same equations are used here to develop the stress–strain
relationship for concrete in compression and tension.

4 Steel Reinforcement

For carrying out analysis in ABAQUS, the material stress–strain data are expressed
in “true” stress (Cauchy stress) and logarithmic strain. Most materials exhibit
ductile behaviour at yield stress level at the end of elastic range; in such cases, the
material data should be given in true form. For nominal stress–strain data under
uniaxial test and isotropic material, a simple conversion to true stress and loga-
rithmic plastic strain is given by,

rtrue ¼ rnomð1þ enomÞ ð1Þ

eplln ¼ lnð1þ enomÞ ð2Þ

Steel reinforcement is modelled as plasticity model in ABAQUS for both tension
and compression. Plastic strain values (Eqs. 1 and 2) are used in defining the
hardening behaviour. Furthermore, the first data pair must correspond with the
onset of plasticity; that is, the plastic strain value must be zero in the first pair.
These concepts are applicable when hardening data are defined in a tabular form for
plasticity models in ABAQUS/Standard.

5 Nonlinear Static Analysis

Pushover analysis of shear wall–slab assemblage, as shown in Fig. 1, was carried
out using ABAQUS program. The traditional Newton–Raphson method (static
general) is applied together with the material models (concrete and steel), boundary
conditions, interaction properties and bond behaviour. The shear wall and the face
of the slab are assigned the master surface and slave surface, respectively. The
interaction between concrete and steel is modelled using embedded constraint
method. In this method, the embedded node is placed at a desired location with the
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constraints imposed by the host element on the translational degrees of freedom of
the embedded element. Rebars are modelled as the embedded region in concrete
using constraints in the interaction module and making the concrete the host. Thus,
rebar elements can only have translations/rotations equal to those of the host ele-
ments surrounding them.

A lateral displacement of 100 mm is applied at the top node in the plane of the
shear wall. Translational restraints are imposed on the bottom nodes of the wall to
simulate the hinged boundary condition. At the free end of the slab, all the degrees
of freedom (DOFs) are constrained except in-plane displacement and rotations
about X and Z axes. The gravity loads on slab and the axial force on wall are
assigned as pressure loads. The slab is loaded with a live load and floor finish of
4 kPa. The out-of-plane bending of shear wall and the vertical bending of slab are
restrained. The finite element (FE) model considered for the nonlinear static anal-
ysis is represented in Fig. 2.

6 Dynamic Analysis

The same model, as shown in Fig. 2, is considered for the nonlinear time history
analysis. In this case, the base of the shear wall is fixed at the bottom and ground
motions are applied at base. A ground motion, recorded during 1997 Indo-Burma
earthquake at station Jellapur with a peak ground acceleration (PGA) of 0.14 g
(Fig. 3a, b), is selected for dynamic analysis.

During the analysis, no damage is observed in the models with PGA of 0.14 g.
Thus, the same motion is scaled up twice to generate another two ground motions
with PGA of 0.56 and 1.12 g. All the three ground motions are applied at the base
of the model in the in-plane direction to carry out nonlinear time history analyses.

Fig. 2 FE model of the shear
wall–slab junction subjected
to horizontal displacement at
the top
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7 Comparison and Discussion

The pushover curve obtained from the nonlinear static analysis is shown in Fig. 4.
The maximum base shear obtained is 843 kN at a displacement of 34.9 mm. At the
ultimate load, most of the reinforcing bars in the shear wall are observed to yield
(Fig. 5a). Figure 5b presents the tensile damage pattern at the maximum base shear
(34.9 mm displacement).

Yielding of the reinforcement in case of nonlinear pushover analysis appeared
first at the shear wall–slab junction region. The vertical reinforcement in the shear
wall at the junction region yielded first. Similarly, the tensile damage started at the
junction region first at lateral displacement of 0.17 mm. The reinforcement at the

Fig. 3 a Recorded horizontal
ground motion at Jellapur
station during 1997
Indo-Burma earthquake and
b Fourier spectrum of the
ground motion

Fig. 4 Pushover curve for
FE model using CDP
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base of the shear wall started yielding at 5.84 mm lateral displacement and prop-
agated upwards in the shear wall region as the displacement increased. Cracks were
observed to form in the wall-slab junction region also. Subsequently, flexural
reinforcement in that part started yielding, and the damage propagated inside the
slab adjacent to the shear wall.

Figure 6 represents the axial stress (S11) in reinforcement, and Fig. 7 shows the
tensile damage pattern, at different displacement stages of nonlinear static analysis.

During nonlinear time history analysis, the rebar started yielding at the base of
shear wall. The vertical reinforcement in the shear wall yielded first at the time
instance of 5.2 s. The tensile stresses observed at 5.2 and 7.8 s (PGA level) time
instances were 437 and 496 MPa, respectively. Figure 8 represents the axial stress
(S11) developed in the embedded reinforcement of the shear wall–slab junction
assemblage.

Fig. 5 a Axial stress, S11 in
reinforcement and b tensile
damage pattern at maximum
base shear
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Fig. 6 Axial stress, S11 in
reinforcement for pushover
analysis at: a 0.17 mm,
b 5.84 mm and c 100 mm
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Fig. 7 Tensile damage
pattern for pushover analysis
at: a 0.17 mm, b 5.84 mm
and c 100 mm
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Fig. 8 Axial stress in
reinforcement for time history
analysis at: a 0.86 s; b 7.80 s
and c 26 s
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Fig. 9 Tensile damage
pattern for time history
analysis at: a 0.86 s, b 7.80 s
and c 26 s
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As the acceleration is applied in the plane of the shear wall, maximum principal
stresses are developed at the base of the wall leading to cracking of concrete.
Nonlinear dynamic analysis was carried out using ground motions scaled to three
PGA values (0.14, 0.56 and 1.12 g). It was observed that the damage depends on
the magnitude of acceleration with the maximum damage incurred for PGA of
1.12 g. Hence, the results for PGA of 1.12 g are compared with those for nonlinear
static analysis, and the same has been presented. The damage increases till the
attainment of PGA of the ground motion; thereafter, it remains constant. The tensile
damage started at the base of the shear wall at 0.86 s time instance and reaches the
maximum level at 7.80 s (PGA level). Figure 9 explains the variation of tensile
damage at different time instances of ground motion during nonlinear time history
analysis.

8 Conclusions

In this paper, nonlinear static and dynamic analyses are carried out and compared to
study the response of shear wall–slab assemblage. From the nonlinear static anal-
ysis it is observed that the hinges formed at the junction region result in the yielding
of reinforcing bar at the joint region. As per the dynamic analysis with the input
acceleration applied at the base of the specimen, the reinforcement at the base of the
shear wall started yielding during dynamic analysis. As the possible damage during
time history analysis depends significantly on the characteristics of ground motion,
more analyses need to be carried out under various ground motions to develop more
insight into dynamic behaviour and spreading of damage at the wall–slab junction
region.
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Importance of Inclusion of Soil–
Structure Interaction Studies in Design
Codes

Nishant Sharma, Kaustubh Dasgupta and Arindam Dey

Abstract The Indian seismic design code IS:1893 (Part 1) (BIS, 2002) suggests
ignoring soil–structure interaction (SSI) studies for seismic design of structures
located on rock or rock-like material. However, for a structure resting on soil, it is
imperative that the interaction effects be considered during its analysis. The current
study is aimed to assess the differences in the design response and analysis outputs
arising due to inconsideration of SSI in the analysis for building frames. Reinforced
Concrete (RC) building frames supported on pile foundation and embedded in loose
sand are considered and finite element analysis is performed using the OpenSees
program. Five types of analysis have been carried out to estimate the different
design response and analysis output parameters. The study highlights that it may
not always be feasible to ignore time history analysis in cases where site response
influences the overall response of the building–foundation–soil system. Thus,
detailed investigation is required on possible incorporation of dynamic analysis in
code-prescribed seismic design procedure.

Keywords Time history analysis � Soil–structure interaction � Equivalent static
method of design

N. Sharma � K. Dasgupta (&) � A. Dey
Department of Civil Engineering, Indian Institute of Technology Guwahati,
Guwahati 781039, India
e-mail: kd@iitg.ac.in

N. Sharma
e-mail: nsharmanishant@gmail.com

A. Dey
e-mail: arindamdeyiitk@gmail.com

© Springer Nature Singapore Pte Ltd. 2019
A. Rama Mohan Rao and K. Ramanjaneyulu (eds.), Recent Advances in Structural
Engineering, Volume 2, Lecture Notes in Civil Engineering 12,
https://doi.org/10.1007/978-981-13-0365-4_20

233

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_20&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_20&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_20&amp;domain=pdf


1 Introduction

The Indian seismic design code IS:1893 (Part 1) [1] suggests ignoring soil–structure
interaction (SSI) studies for seismic analysis and design of structures located on
rock or rock-like material. Moreover, the equivalent static method of design is
suggested for the estimation of design base shear for the structure. The code is silent
on whether to consider or ignore SSI for soft/medium hard soil, and the general
practice is to design the structure by ignoring SSI. Evidently, the code provides the
design spectrum for these classes of soils, the sole use of which is supposed to cater
for the prevalent site conditions. However, for a flexible foundation–soil system it is
imperative that the interaction mechanism would play a role in the behaviour of the
structure in the event of an earthquake. Therefore, to properly account for SSI
effects in the design, it becomes necessary to model the soil domain along with the
structure and conduct a dynamic time history analysis using spectrum compatible
ground motion data, which would yield realistic estimate of the design forces.

The use of appropriate ground motions, suggested by the code, creates the need
to consider the effect of the presence of soil on the modification of the seismic
motion as it reaches the ground surface. Time history analysis of a structure with
bottom restrained against all possible translations and rotations, under site-specific
ground motions, would indirectly consider the effect of the presence of the soil at
the site. Thus, there could be various methods for estimation of design forces in the
structure. Unfortunately, there exists a lack of clarity on which method would be
suitable for cases, wherein there is a large possibility of development of SSI effects.
Hence, the objective of the current study is to assess the differences in the design
response and analysis outputs arising due to the inconsideration of SSI in the
analysis of RC building frames.

2 Modelling and Input

The present study involves two-dimensional modelling of the structure, soil, and
foundation system using a finite element-based software framework, OpenSees [2].
The following sections explain in detail the modelling and inputs considered for the
study.

2.1 Structural System

The structural system, considered in the present study, is a four-storeyed RC frame
with a uniform bay length and storey height. The structure is assumed to be located
on a soft soil site in Seismic Zone V of the seismic map of India [1]. For the
purpose of design and analysis of the structure, relevant Indian standards have been
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referred. The details of the gravity and lateral loading are shown in Fig. 1. The
estimation of the seismic design forces (lateral load) on the structure has been
carried out using the equivalent static method (ESM) of analysis as outlined in Ref.
[1]. Using the appropriate load combinations, the sizes of the beam and columns
have been arrived at Table 1. The modelling of the structural components has been
done using two noded frame elements with three translational and three rotational
degrees of freedom (DoFs) at each node. M25 grade of concrete and Fe415 grade of
rebar are used for design of the frame members, and the material property for the
structural element is kept elastic for the present study, as the objective of the current
study is not to carry out a performance-based design but to ascertain the differences
that arise while adopting different methods to estimate the design forces for the
structure.

2.2 Soil–Foundation System

For modelling SSI in the present study, a rectangular soil domain is considered and
four noded quadrilateral elements with bilinear isoparametric formulation are used
to represent the soil. The design forces on the pile foundation have been obtained
by determining the design forces at the base of the ground storey columns. For
estimation of the flexural and lateral design forces on the piles, Broms’ method is
used [1, 3, 4]. The grade of concrete used for piles is M30. Equivalent monopiles
have been provided to resist the estimated forces as it is not possible to model pile
group in 2D. The sectional details of the pile foundations are shown in Table 1.

The structure and foundation considered are supported on a sandy soil layer of
depth 30 m from the base of the superstructure. The sandy layer is assumed to be
located above bedrock. The width of the soil domain considered is 20 times the

Fig. 1 Structural system with
loading details
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width of the structure [5]. Driven concrete pile foundations support the framed
structure and are also modelled using two noded frame elements. The pile nodes are
connected to the soil system using a zero-length rigid link member. Interface
nonlinearity has not been considered in the study. The structure–foundation system
is placed at the central region of the soil domain. Modelling of the pile cap has not
been considered, and the material properties of the pile have been kept linear in the
study.

2.3 Nonlinear Properties of Soil

For simulating the nonlinear behaviour of the soil, pressure-dependent multi-yield
material model, available in OpenSees, is used. The plastic behaviour in this
material model is accounted by using Drucker–Prager yield surface (nested yield
surface) criteria. Moreover, a non-associative flow rule exists to capture the effect of
dilatancy [6]. Table 2 shows the basic parameters considered for the soil used in the
present study. Twenty numbers of nested yield surfaces are used for the simulation
of the constitutive behaviour of the material.

2.4 Modelling of Absorbent Boundaries

For SSI studies, radiation damping is incorporated by proper modelling of vertical
and horizontal boundaries of the soil domain. It also allows truncation of the soil
domain to a finite extent. In the present study, the vertical and horizontal boundaries
have been modelled using Lysmer–Kuhlemeyer viscous dashpots (using appro-
priate coefficients) [7] to arrest the waves at the boundary along the transverse and
longitudinal directions, and preventing the same from reflecting back into the soil

Table 1 Frame and pile member details

Beam section
(mm � mm)

Column section
(mm � mm)

Column r/f, main Pile diameter
(mm)

Pile length
(m)

250 � 350 400 � 400 12 # 12 mm ∅ 1000 15

Table 2 Basic properties of soil

Density of soil
(kg/m3)

Friction angle of sand (u) Poisson’s ratio (m) Shear wave velocity (m/s)

1700 29 0.34 180
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medium after being incident at the far-off boundaries. The ground motion input, for
SSI cases, has been applied in the form of equivalent nodal forces using the pro-
cedure outlined in [8].

2.5 Gravity Analysis and Validation

To carry out dynamic analysis of the structure–soil system, it is a prerequisite to
carry out static gravity analysis in a staged manner. This staged analysis procedure
has been presented in [9]. Moreover, before conducting a full-fledged analysis of
the soil–structure system, it is necessary to accurately incorporate the boundary
conditions. For this, a linear elastic soil model (without structure) with sine wavelet
as input has been analysed and the model validated for the response in the centre of
the soil domain as shown in Fig. 2.

2.6 Rayleigh Damping

The presence of nonlinearity in soil produces high-frequency spurious oscillations
in the numerical solution of the SSI system. It is possibly due to the excitation of
high-frequency modes which are undamped. To overcome this issue, the HHT-a
method for time step integration may be used [10]. For cases wherein the HHT-a
method is ineffective for removal of the spurious oscillations, incorporation of a
small amount of Rayleigh damping is useful. Moreover, for the fixed base analysis
it is important to incorporate some amount of damping to obtain a realistic response
of the structure. Therefore, in the present study, Rayleigh damping has been con-
sidered. All contributing modes are assumed to have near about the dame damping
ratio of 5%. For the fixed base analysis, the frequencies of the various modes of
the structure are estimated using the conventional eigenanalysis. However, for the

Fig. 2 Validation of the
numerical model

Importance of Inclusion of Soil–Structure Interaction … 237



soil–structure system, the conventional eigenanalysis cannot be applied. Hence, a
theoretical relationship mentioned in Ref. [11] is used. The frequencies corre-
sponding to the first and the fourth mode are chosen for estimation of Rayleigh
coefficients using the relationships mentioned in Ref. [12]. Based on the damping
ratios and the frequency of the modes, the coefficients are estimated, and these are
used to form the damping matrix (Table 3).

2.7 Ground Motion Input and Scaling

The ground motion input selected for the time history analysis is the same as one of
the recorded motions during the 1995 Kobe earthquake. The PGA level of the
motion considered is that corresponding to the design basis earthquake (DBE) on a
soft soil site located in the Seismic Zone V of India and the corresponding response
spectrum (Fig. 3). To make the original motion relevant for the chosen site, the
original time history is made compatible with the design spectrum using
wavelet-based scaling [13] (Fig. 3).

3 Analysis Cases

In the present study, the design forces on the structure are estimated using five
different methods each representing an analysis case. The description of the five
cases is as follows:

Table 3 Rayleigh coefficients

Soil Structure

x1 = 9.42
x4 = 9.42

a0 = 0.85
a1 = 0.0088

x1 = 13.08
x4 = 104.7

a0 = 1.16
a1 = 0.0085
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(a)Fig. 3 a Response spectrum
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1. Equivalent Static Method (ESM): In this method, the design forces are estimated
using the procedure outlined in Ref. [1]. The base of the structure is kept fixed
(restrained in all DoF) for this method.

2. Fixed Base Analysis (FBA): In this method, the design forces are estimated
using the spectrum compatible motion keeping the structure fixed at the base.

3. Linear Soil–Structure Interaction (LSSI): In this method, the pile foundation and
the supporting soil medium are modelled along with the superstructure. The
spectrum compatible motion with half the PGA value is used to provide the
input motion at the base of the structure–soil system [11].

4. Nonlinear Soil–Structure Interaction (NLSSI): This method is similar to the
LSSI case, with the only difference being in the use of nonlinear properties of
soil for the analysis.

5. Fixed Base with Free Field Motion (FBFFM): In this method, the effect of soil is
considered by using the modified motion, recorded at the surface of the soil
domain which is obtained by conducting a free field analysis of the soil domain
while keeping the structure fixed at the base.

4 Results and Discussion

The present section discusses the prime results of the various analysis cases. Base
shear is a design parameter that could provide appropriate estimate of the amount of
lateral force being induced into the system resulting from the various analysis cases.
In the present study, storey-wise absolute maximum shear force, encountered over
the entire time history duration, is obtained by summing the shear forces at the base
of the column corresponding to each storey level (Fig. 4). From the figure, it is
observed that FBA and ESM produce the largest and the smallest shear forces in the
lower storey columns. Moreover, LSSI produces values greater than that produced
by ESM but less than that produced by NLSSI. For the lower stories, the difference
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between the ESM and LSSI cases is high whereas for the higher stories, the dif-
ference diminishes. The difference between LSSI and NLSSI values is lower for
lower stories but increases for higher stories.

The inter-storey drift ratios (in %) for all the stories show similar trend as
observed for storey shear (Fig. 5); i.e. FBA produces largest and ESM produces
smallest drift for each storey level. NLSSI produces drift larger than LSSI. For the
ground storey, the drift is smaller with respect to other stories even as the shear is
higher due to the fixity of the structure at the base.

The comparison of absolute maximum moment profile, induced over the entire
duration of each analysis, at the base of each storey level is shown in Fig. 6a
(exterior most column) and Fig. 6b (interior most column). Moreover, the
storey-wise moment capacity of the column is also plotted in Fig. 6b. It can be seen
that the induced forces corresponding to FBA profusely exceed the design moment
capacity in exterior columns for lower stories and in interior columns for all the
stories. The moment induced corresponding to LSSI and NLSSI also exceeds the
design flexural capacity of the columns but for ground storey only for exterior
columns. For interior columns, the induced moment is very close to the column
capacity.

The instantaneous moment distribution corresponding to the time instant when
the maximum bending moment developed in the ground storey columns is shown in
Fig. 7. The observations corresponding to Fig. 6 are very much applicable for
Fig. 7 as well. In both the figures, it can be seen that at the ground storey level there
is a sharp increase in the moment induced for all the analysis cases. This is possibly
due to the fact that in the interior columns there is one additional beam member
present. This is not so for the exterior columns, and hence, additional moments are
induced onto the exterior columns.

Moreover, for the ground storey column, the difference in the moments shared
by the exterior and the interior columns is less and it increased for the upper stories.
This may be possibly due to the same boundary condition at the base of ground
storey for the exterior and the interior columns being same. However, at the top of
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the ground storey level, the exterior columns have the boundary condition which is
less stiff in comparison with that of internal column due to the absence of one beam
member. This leads to the reduction of moments in the exterior columns above
ground storey.

5 Importance of Soil–Structure Interaction

Apart from the four types of analysis discussed so far, another fixed base analysis is
also carried out using the motion obtained by conducting a free field analysis of the
soil domain (FBFFM). Spectrum compatible motion obtained for SSI analysis is
applied at the base of the free field soil domain and analysed. The acceleration
response obtained at the surface is noted, and that motion is applied at the base of
the building frame with fixed base. Time history analysis using this motion was
carried out, and various response entities were noted. Figure 8 shows the com-
parison of the base shear obtained for this analysis case with other cases. It can be
seen that the estimation of base shear for FBFFM analysis case is extremely large
and is attributed to the motion obtained from the free field analysis.

Figure 9 shows the original motion used for fixed base analysis and the free field
motion (FFM) obtained from free field analysis of the soil domain. It can be seen
that there is a large amplification of the acceleration and it is due to the presence of
the soft soil deposit. Although the amplified motion considers the modification in
the acceleration due to the presence of the soil, the interaction mechanism between
the soil and the structure is absent while generating the ground motion. Thus,
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overestimated member forces in the structure are observed. Hence, if the modified
ground motions due to the presence of soil domain are to be used, then, in such
cases, it becomes imperative to consider the interaction mechanism by suitable
modelling of the soil–foundation system along with the superstructure to get a
realistic estimate.

The present study clearly highlights how ESM would fall short of estimation of
the actual design forces that would arise by considering the actual interaction
between the soil and the structure. Moreover, FBA, with or without modified
ground motions, as per the sites, could produce forces that may be very large
compared to the actual scenario. This is because of the absence of huge energy
dissipation that exists due to the interaction mechanism and also due to the radiation
phenomenon inherent in the soil. It is also to be noted that the forces produced
corresponding to LSSI and NLSSI are slightly higher with respect to ESM which
may render a structure unsafe in the event of an earthquake. Hence, this advocates
the importance of considering soil–structure interaction studies for the design of
structure located at soft soil sites.

6 Summary and Conclusions

The present article highlights the importance of inclusion of SSI studies for esti-
mation of design forces on the structure. In the present study, five different types of
methods for estimation of design forces on the structure are considered and the
differences arising in the design forces using these methods are presented. It has
been found that the most widely used method, ESM, produces the lowest estimate
of forces and drift values, and FBA, using spectrum compatible ground motion,
produces the largest values. The estimates of force obtained using LSSI and NLSSI
are significantly lesser than that obtained by FBA but moderately larger than ESM.
The margin is sufficient to push the structure into an unsafe zone, especially making
the exterior bay columns vulnerable to damage. Although the effect of soil deposit
is considered by modifying the ground motion, direct application of motion is not
recommended for estimating the design forces. The foundation–soil medium should
be modelled to obtain the realistic estimate of design forces. Hence, ESM and FBA
may not always provide a realistic estimate and it may sometimes not be possible to
ignore dynamic SSI studies for the design of structures located on soft soil. The
present study highlights the need of detailed investigation on possible incorporation
of dynamic SSI analysis in code-prescribed seismic design procedure. Detailed
parametric studies are required to be carried out in this regard.
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Comparison of Modal Behaviour
of Integral Abutment Bridge With
and Without Soil–Structure Interaction

Sreya Dhar and Kaustubh Dasgupta

Abstract Integral abutment bridges (IABs) have gained popularity over past few
years. The main advantage of IAB over conventional bridges is the absence of any
bearing at the deck–abutment junction which leads to reduced possibility of
unseating of bridge deck during strong earthquake shaking. The seismic response of
bridges with integral abutments depends significantly on the abutment–soil inter-
action in the longitudinal direction and soil–pile interaction in the transverse
direction. In the present study, the modal behaviour of IAB is investigated with and
without the presence of soil–structure interaction (SSI). The soil flexibility for soil–
pile and abutment–backfill interactions is represented by springs. This leads to
significant increase in the overall flexibility of the bridge system as compared to the
model with all the degrees of freedom (DOFs) restrained at the bottom of pier. Due
to higher longitudinal stiffness contributed by both the deck and the abutments, the
SSI bridge model shows complete longitudinal mode of vibration in higher mode.
By removing the abutments and end spans of the deck, the first longitudinal mode
of vibration occurs in one of the lower modes. Hence, the numbers of spans in the
bridge play an important role in the modal behaviour of the bridge. The importance
of SSI in modal analysis highlights its need for inclusion in the seismic design of
IABs.
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1 Introduction

Soil–structure interaction is an important aspect in the investigations of structural
behaviour for carrying out performance-based earthquake engineering studies.
Particularly, in the case of bridges, SSI along with multi-support excitations during
earthquake shaking plays an important role in the seismic behaviour of a bridge. In
urban areas, IABs are now becoming very popular due to minimal maintenance
costs over their service periods. In typical bridges, the repair and maintenance of the
joints and the bearings affect the life cycle cost of the bridge and overall economy
[1, 2]. One of the most common problems of traditional bridge construction in
seismic zone is unseating of the superstructure from the support bearings. This
problem is eliminated in integral abutment construction as there are no support
bearings [3]. Past studies on integral abutment bridges have accounted for the
stresses in different components arising from creep, shrinkage and temperature
effects [4]. The length of the integral bridge mainly depends on the pile capacity,
soil type and abutment movement due to intensity of temperature and seismic load
and other factors [5]. Backfill soil properties influence the IAB behaviour signifi-
cantly [4, 6]. The contribution of bridge abutments in the natural vibration beha-
viour of IAB was also observed to be significant [7].

The present study mainly focuses on the natural behaviour of IAB with and
without considering the effect of SSI. The effect of the abutment on the modal
behaviour of the structure has also been investigated.

2 Description of Model

2.1 Bridge Model

In the present study, the previously studied Humboldt Bay Middle Channel Bridge
[8, 9] has been considered with certain modified characteristics. The modelling of
the bridge is carried out using the computer program SAP2000 V16.0.0 [10]
(Fig. 1). The bridge is 330 m long, 10 m wide and 12 m in height. The bridge
superstructure is integrally connected to the abutments at the two ends. The height,
width and the thickness of the abutments are 12 m, 10 m and 1.2 m, respectively.
The superstructure consists of concrete deck slab which is resting on four precast
prestressed concrete symmetric I-shaped girders. The cross-sectional area and the
second moments of the areas are taken as 0.73 m2, 0.49 m4 (major axis) and
0.0094 m4 (minor axis), respectively. The deck slab is 165 mm thick, and it is
rigidly connected with girders by rigid links. The superstructure is resting on piers
which are connected to deck by pier caps. The length and cross-sectional area of
pier cap are 10 m and 4 m2, respectively. The height and cross-sectional area of
each pier are 12 m and 3.4 m2, respectively. Each pier is supported on pile foun-
dation with each pile group having five precast driven piles. Pile foundations are
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assumed to extend up to 5.2 m depth from ground level. The superstructure, pier
and piles are discretized using two-noded frame elements with 6 degrees of freedom
(DOFs) at each node, namely (a) three translational and (b) three rotational DOFs at
each node. Each individual deck span is discretized into ten elements. Abutments
and pilecaps have been modelled by linear elastic four-noded shell elements.
Abutment piles have been modelled in the same way as the as pier piles, with a
spacing of 1 m. The modulus of elasticity and unit weight of concrete are taken as
28 GPa and 24 kN/m3, respectively.

2.2 Foundation and Abutment–Backfill

Springs have been used to model the flexibility of the backfill soil behind the
abutments and the cohesive soil surrounding the piles (Fig. 1). For each spring,
force–displacement curves have been used as per API-RP2 [11]. Piles are friction
type or floating piles and have been incorporated with skin friction and lateral load
resisting capacity due to surrounding soil. Both the lateral stiffness of the soil and
the initial skin friction increase with the depth of the piles. The springs are also
assigned to account for both the aspects. Each soil spring is modelled using
one-noded link element in the program SAP2000 (Fig. 2a). At each pile tip, the end
bearing resistance has been modelled by two-noded link element in SAP2000
(Fig. 2b). As the piles are of only 5.2 m in depth, they are considered to be short
piles. Soil mass has not been considered for the present study while modelling soil–
structure interaction of the IAB.

Fig. 1 Modified Humboldt Bay Middle Channel Bridge with soil–structure interaction modelled
in SAP2000
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Each abutment has been designed against the passive earth pressure during
seismic excitation or temperature increment, since the active earth pressure is
considered to be negligible [12]. Abutment–backfill behaviour has been modelled
considering dense sand properties [8]. The lateral passive pressure exerted by the
backfill soil tends to increase with the depth of abutment backwall. Abutment–
backfill interaction has been modelled as per BA 42/96 [13] curves for end screen
abutments of IAB. These properties have been assigned to the two-noded link
elements (Fig. 2c). As linear elastic behaviour is required for the modal analysis,
the initial stiffness has been considered for the soil spring elements from their
nonlinear force–deformation curves (Fig. 3). For soil–pile interaction, initial lateral
stiffness and skin friction are shown in Table 1. The initial lateral stiffness for
abutment–backfill interaction is shown in Table 2. Only near-field soil–pile inter-
action has been considered.

Modal analysis of the bridge model has been carried out without the presence of
piles, pilecap and soil and by considering the bottom nodes of pier as fully
restrained. This model will be henceforth called as fixed base model. The same

(a) (b) (c)

Fig. 2 a One-noded horizontal and vertical link elements at different depths of piles, b two-noded
link element at the tip of each pile and c two-noded link elements for modelling abutment–backfill
interaction

Δ

F

Kinitial

0

Fig. 3 Initial stiffness
(Kinitial) from the generic
force–displacement curve of
soil spring
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analysis has been carried out for the other model considering the soil–pile and
backfill–abutment interactions. Modal analysis is carried out with initial zero-stress
condition in soil which implies the absence of any other preceding static/dynamic
analysis. Further, modal behaviour of IAB is also studied by removing end spans
and abutments.

Hence, four cases have been considered to compare the modal behaviour of the
bridge which are (a) only bridge model, (b) complete SSI model, (c) Case (i), where
both the end spans with abutments have been removed from bridge and (d) Case
(ii), where further end spans have been removed.

3 Comparison of Modal Analysis Results

For both the SSI model and the fixed base model, the natural periods and the mode
shapes of the first 12 modes of vibration have been compared. The mode shapes of
vibration for the first 3 modes are shown in Figs. 4, 5 and 6. The first modes are
along the transverse direction of the bridge for both the models. Due to soil–pile
interaction and increased flexibility, the entire pier cap–pier–pilecap–pile group
system deforms along the height of the bridge. This results in less relative trans-
verse deformation of the deck with respect to the bottom of pier in the

Table 1 Initial lateral
stiffness of the soil and skin
friction on pile at different
depths

Depth, m Lateral stiffness, kN/m Skin friction, kN/m2

1.0 250 2,497

2.0 250 3,248

3.0 250 3,973

4.0 748 4,587

5.2 748 5,228

Table 2 Initial lateral
stiffness for abutment–backfill
interaction at different depths
of abutment

Depth, m Initial lateral stiffness (K), kN/m

1 6,042

2 12,083

3 18,125

4 24,166

5 30,208

6 32,429

7 42,291

8 48,332

9 54,374

10 60,415

11 66,456

12 72,498
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corresponding mode shapes. However, in case of fixed base model, the variation of
transverse deformation is steeper due to the large relative transverse deformations of
deck with respect to the restrained bottom node of pier. For both the models, the
second modes involve twisting of the bridge deck.

In the third and the fourth modes, the deck deforms in a wave-shaped profile in
the vertical direction for both the models. For both the models, the contribution of
longitudinal stiffness by the deck and the two abutments remains the same.
However, in SSI model, the flexibility is increased due to the presence of pile cap–
pile group–soil system below each pier. Further, the abutments of SSI model
become relatively stiffer due to the presence of abutment–backfill interaction
springs. The observation of the first longitudinal mode of vibration of the bridge
depends on the relative influence of the combined longitudinal bridge stiffness (for
the mentioned components) and the bridge stiffness along the transverse direction.
Due to large difference between the two stiffness, the first longitudinal mode
of vibration occurs in the 11th mode for the bridge model with SSI (Fig. 7).

Fig. 4 Plan views of first mode shape of vibration for a fixed base bridge model and b bridge with
SSI model

Fig. 5 Plan views of second mode shape of vibration for a fixed base bridge model and b bridge
with SSI model

Fig. 6 Plan views of third mode shape of vibration for a fixed base bridge model and b bridge
with SSI model
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As compared to the bridge with SSI model, the difference between the transverse
bridge stiffness and the longitudinal bridge stiffness is lesser for the fixed base
bridge model. This leads to the occurrence of the first longitudinal mode of
vibration in seventh mode for the fixed base bridge model. For two-span integral
bridge in underlying clayey soils, longitudinal modes of vibration were also
observed in early modes in Ref. [6].

It is observed that the range of natural periods for the bridge model with SSI is
higher than the entire range for the fixed base bridge model for the first 12 modes of
natural vibration (Table 3). For higher modes, the natural periods are closely spaced
for both the models. The presently studied bridge is expected to show significantly
large response under earthquake ground motions with dominant period in the range
of 0.8–2.1 s. However, the analysis of fixed base model shows an entirely different
(lower) range for dominant periods of ground motions. Thus, using fixed base

Fig. 7 Longitudinal mode of vibration for a fixed base bridge model and b bridge with SSI model

Table 3 Comparison of natural periods between fixed base bridge model and bridge with SSI
model

Mode no. Time period, s

(a) Bridge model (b) Full SSI model (c) Case (i) (d) Case (ii)

1 0.697 2.136 2.216 2.190

2 0.651 1.654 2.070 2.020

3 0.549 1.282 1.897 1.864

4 0.547 1.066 1.651 1.274

5 0.540 0.912 1.060 0.900

6 0.494 0.865 0.891 0.860

7 0.493 0.852 0.858 0.840

8 0.464 0.840 0.849 0.774

9 0.457 0.833 0.838 0.764

10 0.452 0.815 0.777 0.761

11 0.434 0.802 0.767 0.760

12 0.410 0.776 0.762 0.747
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bridge model for estimation of design forces may lead to unsafe design.
Considering more realistic behaviour, SSI needs to be considered in
performance-based bridge engineering studies.

4 Removal of End Spans in Bridge with SSI Model

Bridge abutments contribute more to the bridge stiffness along the transverse
direction than the longitudinal direction due to their large length. In the present
study, the contribution of abutments to the bridge stiffness is investigated by first
removing the end spans of the bridge and the abutments (Case (i)). The increase in
flexibility is observed for the first nine modes (Table 3) of the new bridge with
increase in the natural periods. The bridge natural vibrations occur in transverse,
torsional and longitudinal modes of vibration for the first three modes, respectively.
Next, the two end spans of the reduced bridge were further removed (Case (ii)).
However, the bridge response showed increase in stiffness for all the modes of
vibration (Table 3). This is due to the reduction in the ratio of mass/stiffness for the
entire bridge on removal of the spans. The nature of mode shapes of vibration for
Case (ii) remains the same as in Case (i) (Fig. 8). Hence, the abutments and the
number of spans of a bridge contribute to the relative magnitudes of transverse and
longitudinal stiffness and hence play an important role in the modal behaviour of
the bridge.

5 Summary

The present study is intended to compare the modal behaviour of an integral
abutment bridge for two conditions, namely (a) the absence of SSI and (b) the
presence of SSI. In the presence of pile cap–pile group–system and abutment–
backfill interaction, the natural vibration characteristics of the bridge are quite
different from those obtained through the conventional modelling approach, i.e., by
restraining the bottom nodes of the piers. The contribution of abutments and the
number of spans of the bridge have also been illustrated.

For both the cases, stiffness of the bridge along the transverse direction was
lower as compared to the bridge stiffness along the longitudinal direction. This
resulted in occurrence of transverse vibration configurations in the lower modes.

Fig. 8 Transverse mode of vibration for a Case (i) and b Case (ii) models
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Also, the components contributing to the SSI response of bridge influence the
occurrence of longitudinal mode of vibration in the lower or the higher modes. The
removal of abutments and the end spans brings changes to the mass/stiffness ratio of
the overall bridge. This leads to some modes becoming stiffer and a few modes
becoming more flexible.

The present study is carried out on the modified model of a real bridge for which
extensive studies had been carried out in the past [8, 9]. To have more generalized
conclusions, further studies need to be carried out on different bridge configurations
with parametric variations. For longer bridges with more number of spans,
heterogeneity of underlying soil becomes an important issue.
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Assessment of Response Reduction
Factor for Reinforced Concrete Frame
Buildings in a Probabilistic Seismic Risk
Framework

Prakash S. Badal and Ravi Sinha

Abstract Response reduction factor (RRF) was first introduced in 1978 NEHRP
provisions. These factors split the earthquake-resistant design process into two
independent segments—first, quantification of the actual seismic demand assuming
that structure remains elastic during the expected level of excitation and second,
prediction of reserved capacity of a structural system. The RRF values were largely
assigned with the intent to avoid significant deviation in the prevalent design base
shear due to modifications in the code. For regions of moderate seismicity, selection
from the alternatives of constructing a limited-ductile building or a fully ductile
building is governed by the cost of material and execution. Ideally, the two available
choices for the structural systems should result in similar building performance
levels. Extending this requirement in a probabilistic seismic risk framework, the
paper presents the quantification of RRF values for both alternative structural sys-
tems. The results obtained from sample midrise reinforced concrete moment-
resisting frame (RCMRF) building located in Mumbai and designed as per Indian
standards have been presented. It is found that both variants exceed their respective
RRF values assumed by the code. It is also found that the fully ductile building offers
better performance level than the limited-ductile building. The results have impli-
cations for the specification of RRF in the current Indian standards.
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1 Introduction

Buildings following design codes are expected to withstand a rare earthquake
without collapsing. This level of earthquake usually corresponds to maximum
considered earthquake (MCE). In addition, it is also desirable that buildings per-
form fairly during a design basis earthquake (DBE). Since the level of these forces,
even in the areas of moderate and low seismicity, results in actions that are sig-
nificantly higher than that due to regular loads, it becomes inevitable to include the
inelastic strength of buildings. To indirectly consider this effect while continuing to
perform an elastic analysis, building codes include a response reduction factor
(RRF). In other words, RRF represents the cumulative effects of inherent over-
strength, ductility capacity, and redundancy of the structure. Various sources
contribute to the reserved capacity of a structure. Some of these—such as material
safety factors, load factors in design load combinations, higher expected material
properties than nominal material properties used in design, conservatism in section
sizes, and reinforcement—are effective before the elastic limit of a structure is
reached. Others—like energy dissipation mechanisms due to hysteresis and open-
ing–closing of cracks—contribute in the inelastic range.

From the inception of RRF values in ATC-3-06 [1], their nature has been
empirical and judgment-based. With the expansion of design codes to include
various lateral-load-resisting systems, a series of such values have been assigned to
each system [2–4]. Attempts to calibrate RRF values were made along with the
development of the first generation of nonlinear structural assessment guidelines
[5–7]. These documents established benchmarks for multiple components of non-
linear analysis, for instance, inelastic capacities of structural elements, design
requirements, soil–structure interaction, analysis techniques, damage definitions,
and performance objectives.

Assessment of RRF values done in the past is primarily based on the nonlinear
static analysis. Although this procedure gives an estimate of the inelastic building
performance when subjected to high level of lateral loads, it fails to capture many
actions such as

1. Effect arising out of the dynamic behavior of the building when subjected to
time history records.

2. Ground motion variability in terms of the time history records, which are dif-
ferent even for a chosen magnitude–distance–mechanism tuple.

3. Effects of uncertainty in the analytical modeling, design requirements, and test
data.

The objective of this manuscript is to assess RRF values for a sample midrise
reinforced concrete building located in a moderate seismic region. Focus is also laid
on the relative performance offered by the two variants of the buildings, namely fully
ductile special RCMRF and limited-ductile ordinary RCMRF. Nonlinear dynamic
approach with consideration to the deterioration due to cyclic excitation has been
used as the analytical tool. In the moderate seismic regions, design code permits
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construction of both kinds of buildings—with full ductility and with limited ductility.
On the one hand, limited ductility induces increased sections and flexural rein-
forcements, and on the other, it evades the cumbersome ductility criteria from
structural design and more significantly from the construction. Therefore, depending
on the governing criteria and ease of construction, both kinds of buildings are found
in these regions. The current manuscript investigates the premise of equal perfor-
mance by these two design variants in moderate seismic regions.

2 Design Provisions and Assessment of RRF

Moment-resisting frame is considered to be fully ductile per Indian standards, when
all the guidelines from IS 456, IS 1893, and IS 13920 [2, 8, 9] are followed. Design
base shear for equivalent lateral force method is defined as follows:

Vb ¼ Z=2ð Þ I=Rð Þ Sa=gð ÞWe ð1Þ

where Z is the PGA corresponding to MCE (also called zone factor); I is importance
factor of the building (=1.0 for the common buildings); Sa/g is the spectral ordinate
(a function of time period and damping ratio of the building); and We is seismic
weight of the building.

2.1 RRF Assessment Using Static Pushover Analysis

Based on Ref. [10], Fig. 1 illustrates different seismic performance factors. Even
though the symbols have been taken from Ref. [3], other codes follow a similar
procedure as discussed below. This methodology has been developed with the
pushover analysis at its core. VE is the base shear corresponding to earthquake
ground motion. Vdes is the design base shear. Vmax is the base shear capacity of the
building. Deflection amplification factor, Cd, and overstrength factor, X0, are two
other seismic performance factors used for the permissible deflection criteria and
element-level forces in “weak” story, respectively. IS 1893 does not recognize these
performance factors explicitly; however, it considers them indirectly. Table 1 gives
the summary of seismic performance factors for RCMRF as recommended by IS
1893, ASCE 7, and EC 8. Different terms have been used across the design codes,
and some factors are not directly defined. Nevertheless, the design processes
including the load reduction, deformation check, and use of overstrength factors
remain same in all three codes.

Based on the research in the 1990s, notably Ref. [11], Whittaker et al. [12]
proposed the expression to split RRF as follows:
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R ¼ RsRlRRRn ð2Þ

where RS is the strength factor; Rl is the ductility factor; RR is the redundancy factor,
and Rn is the damping factor. RS represents the reserve strength due to a combination
of safety factors and design conservatism. Rl depicts inelastic deformation capacity
of the structure. Rl–l–T relations are used to determine Rl from displacement
ductility and time period of the structure [13]. These relations were fitted based on the
recorded inelastic response of single-degree-of-freedom systems located on various
soil conditions. Suitable modifications for extending these results to multi-degree of
freedom are required as proposed in [13]. RR factor penalizes the absence of
redundancy. Rn considers the effect of damping when it is different from 5%.

VE

Vmax

Vdes R

ΔE /R Δdes

Rs= Ω0

ΔE

Cd
Ba

se
 S

he
ar

Roof Drift

R

Fig. 1 Quantification of seismic performance factors using pushover analysis based on Ref. [10]

Table 1 Seismic performance factors for RCMRF per IS 1893, ASCE 7, and EC 8

System Code R X0 Cd

Fully ductile RCMRF IS1893 5.0 2.5a 5.0b

ASCE7 8.0 3.0 5.5

EC8c 5.85d,f 4.68g 5.85

Limited-ductile RCMRF IS1893 3.0 2.5 5.0

ASCE7 3.0 3.0 2.5

EC8c 3.90e,f 3.12g 3.90
aDefined indirectly for soft-story shear amplification
bDetermined from the reduced level of IDRmax of 0.4% (treating 2.0% as a benchmark from ASCE 7)
cEC8 uses the terminology of behavior factor, magnification factor and displacement behavior
factor for R, X0, and Cd, respectively
dFor high-ductility class (DCH)
eFor medium-ductility class (DCM)
fFactor au/a1 taken as 1.30 for multi-story multi-bay structure
g(= 0.80R). Not applicable for the infill-discontinuity weak story
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2.2 RRF Assessment Using Time History Analysis

FEMA P695 [14] sets recommendations for assessment of seismic performance
factors based on nonlinear time history analysis (NLTHA). Despite a few noted
drawbacks, this document serves as a guiding tool. In the recommended method-
ology, a static pushover analysis is accompanied by a series of incremental dynamic
analyses (IDA) consisting of NLTHA for a suite of 22 � 2 far-field normalized
strong ground motions. Apart from the analytical consideration of record-to-record
variability, uncertainties arising from the quality of test data, design requirements,
and modeling have been treated empirically.

Ground motion suite has been maintained to be same for all sites and structures
(unless the site is near-field, for which different set of 28 pairs of records are used).
To consider the effects of the spectral shape of rare ground motions, spectral shape
factor (SSF) has been used. SSF modifies the median collapse intensity parameter
while keeping the uncertainties intact. Regression analysis has been performed to
correlate SSF with the period-based ductility, time period of the structure, and the
expected PGA level. Period-based ductility is a measure of the displacement duc-
tility of the structures. It is derived from the pushover analysis. Adjusted median
collapse capacity is given by:

SCT1 ¼ SCTexpðb1ð�e0ðTÞ � �eðTÞrecordsÞÞ ð3Þ

where SCT is the calculated median collapse capacity; e0(T) is the expected spectral
shape variation at the site, and e(T)records is the average spectral shape variation in
the ground motion records. T is the fundamental time period of the building.

The current study considers the difference in MCE-DBE design base shear
factors in IS 1893 and ASCE 7. Factor for conversion of MCE to DBE ground
motion is 0.50 per IS 1893 and 2/3 per ASCE 7.

2.3 Performance Objectives for the Assessment

Selection of the performance objective is one of the most critical steps of seismic
assessment. Procedures using either SPO or NLTHA involve such decision. For the
regions of high seismicity, this choice is easily made in terms of the collapse
prevention at MCE ground motion. However, in the regions of the moderate or low
seismicity, a stricter performance objective is usually sought. Collapse prevention
performance level of the structures is easily demarcated by the structural stability
criterion. However, other performance levels require detailed computations and
more importantly standardization of damage measure definitions. Simple engi-
neering demand parameters like maximum inter-story drifts have been frequently
used in the recent past but for the regions of moderate seismicity they may be
misleading. Shirandhokar and Sinha [15] showed that well-calibrated damage
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measure definition, capable of identifying cyclic energy dissipation, is required for
better prediction of moderate levels of damage. The current study, however, utilizes
collapse prevention at MCE as the performance objective. Collapse is defined by
the sidesway condition when the structure becomes unstable due to P-D effects.

3 Building Selection, Modeling, and Analysis

In the present manuscript, for the purpose of demonstration and due to lack of
space, two variants of the sample building—special RCMRF and ordinary RCMRF
—were considered. Design and detailing of both these building have been per-
formed per Ref. [8, 2]. Ductile detailing for special MRF has been performed per
[9]. Recommended RRF values as per IS 1893 for full ductility and limited ductility
buildings are 5 and 3, respectively (Table 1).

3.1 Building Details, Design, and Detailing

Based on the real building drawings, a sample midrise bare RCMRF (seven-storied)
representative of a typical office building, located in Mumbai, has been chosen.
Mumbai is classified in zone-III, a moderate seismic region with peak ground
acceleration corresponding to MCE given as 0.16 g.

Typical floor plan and elevation of both buildings have been shown in Fig. 2.
The ground floor of the building is 4.50 m high, whereas all the above floors are
3.90 m high. There are three bays, each of span 8.20 m, in the building along X-
direction. Figure 2 also shows required reinforcement along with column sizes. All
beams of the ductile building are 350 mm � 750 mm in size, whereas the size of
beams in OMRF building is 400 mm � 750 mm. The geotechnical condition for
the site has been considered to be rocky.

Following the standard practice in the region, design of the building using
equivalent lateral force method through a 3-D frame was carried out. Horizontal
torsion arising out of accidental eccentricity has been taken as 5%. This makes the
frames on grid 9–9 and 2–2 most critical since they have full tributary area and are
farthest from the center of mass of the building. Ductile detailing for the beams and
columns has been performed per IS 13920 [9] for the fully ductile variant. It is
worth noting that IS 13920 does not specify any criteria with regard to the relative
moment carrying capacity of the columns and the beams (i.e., SCWB factor).

The thickness of the slab is 250 mm. Loads from the partition, services, and
floor finish have been considered as 2 kPa. Since the utility of the slabs can be
variable in nature ranging from office space to storeroom, especially due to the
symmetry of the building, the live load has been considered as 4 kPa on all the
slabs. Concrete grade used is M40 (fck = 40 MPa) for the columns and beams.
Definition of fck is based on the strength of cube. A factor of 0.80 has been used for
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converting cube strength, fck, to cylinder strength, fc′, for normal-weight concrete.
Reinforcement grade used is Fe500 grade. Both variants have a codal time period of
0.91 s. Seismic base shear was found to be 2.9 and 1.8% of the seismic weight for
SMRF and OMRF buildings.

Fig. 2 a Plan of the sample building; reinforcement and column sizes for b special RCMRF
variant and c ordinary RCMRF variant on grid 9. All beams are of size 350 � 750 and 400 � 750,
respectively
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3.2 Analytical Modeling and Components

The building is regular and can be idealized as two-dimensional frames along both
the orthogonal directions. However, the building is very long in E–W direction and
hence strength along this direction is not expected to govern the seismic perfor-
mance. Therefore, a typical frame along N–S direction was modeled for the current
study. As described above, the most critical frame along grid 9–9 was chosen for
the performance assessment. It is recognized that 2-D model is incapable of cap-
turing torsional eccentricity in the building. Nonetheless, due to the inherent
symmetry of the building under study, this is not a concern.

The 2-D frame was modeled in OpenSees with concentrated plasticity, which has
been shown to be efficient and accurate for collapse assessment [16]. The model
proposed by Ibarra et al. [17] is one of the widely used deterioration models in the
last decade for assessment of collapse. An important aspect of IMK model is that it
includes the segment with negative stiffness after capping point. This part of the
model captures strain-softening of the element. Strain-softening in an element
occurs when a combination of concrete crushing in compression, buckling of rebar,
and loss of steel–concrete bond takes place. This branch thereby enables the
delayed collapse prediction of nonlinear systems subjected to dynamic loads. Based
on the correlation and stability of observed parameters from experiments across the
globe, [18] modified the parameters. Figure 3 shows the parameters of the back-
bone curve. Backbone curve is the envelope of hysteretic model for the case when
the load is applied in quasi-statically. Details of deterioration parameters have been
avoided due to the lack of the space.

Parameters of the backbone curve were derived using empirical relations [19,
20]. Expected properties of the concrete and steel were taken as (fck + 1.645r) and
1.2 fy, respectively [8, 20].

Fig. 3 Modified Ibarra–Medina–Krawinkler backbone curve [18]
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3.3 Joint Modeling

Joints were modeled based on diagonal compression strut mechanism, which has
been shown to comply with the observed data [21]. For ductile variant, shear panel
spring was modeled as elastic spring with the stiffness recommended by [22].
Cracking was considered at 25% of the yield stress and at a shear strain of 0.0002
radians. Such simplified model is acceptable for ductile frames, where flexural
failure precedes the shear failure due to capacity-based design. For non-ductile
variant, shear failure of the joints may result in the eventual collapse of the building.
A limited research has been done on the calibration of parameters of the non-ductile
joints. The current manuscript used the research carried out by Moehle et al. [23]
and Mitra et al. [21] to define non-ductile joints.

3.4 Nonlinear Static and Time History Analysis

Using the loading pattern per IS 1893, static pushover (SPO) analysis was per-
formed on both variants of the building. SPO quickly gives an estimate of building
performance against lateral loads. Figure 4 shows the results of SPO analysis for
SMRF building. Pushover curve continues to be used as an important tool, for
instance, period-based ductility, lT, has been used to estimate the spectral shape
factor [14]. Table 2 summarizes the results of SPO analyses for both variants.

IDA was performed using the FEMA P695 far-field ground motion suite. To
ensure the unchanged relative values of orthogonal components of ground motion,
geometric means was used for scaling. To consider the effects of the
three-dimensional model, controlling components of each pair is used. Lognormal
fragility function was fitted based on the least-squared error solution. Spectral
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acceleration at the fundamental time period was chosen as the intensity measure. IDA
curves for the SMRF variants of the building are shown in Fig. 5.

3.5 Treatment of Uncertainties

Uncertainties are introduced at each step of the probabilistic seismic risk frame-
work. Record-to-record variability is estimated by analyzing the structures for
different time history records. However, modeling uncertainties incurred due to the
use of median structural properties can be computationally costly to assess even
with the efficient algorithms and powerful tools at hand. Limited research and
guidelines of FEMA P695 have been used to select the suitable values of these
uncertainty components. Total uncertainty in the collapse is assumed as the product
of statistically independent components. Total system collapse uncertainty is given
by:

bTOT ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

ðb2RTR þ b2DR þ b2TD þ b2MDLÞ
q

ð4Þ

Table 2 Results of static pushover analyses

System Rdes Tcode
(s)

Teig
(s)

ah Vbdes
(kN)

dy Vbmax

(kN)
dult Vy

(kN)
Xs Reff

SMRF 5 0.91 2.12 1.8% 314 0.0068 1517 0.0343 1368 4.83 4.4

OMRF 3 0.91 1.95 2.9% 536 0.0075 1848 0.0251 1657 3.45 3.1
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where subscripts represent record-to-record variability, design requirement, test
data, and modeling uncertainty, respectively. For the current analysis, values of the
uncertainty were chosen as bDR = 0.20, bTD = 0.10, and bMDL = 0.35.

4 Results and Conclusions

Figure 6 shows the quantified RRF values of 7.3 and 3.6 for SMRF and OMRF
variants, respectively. These results suggest that for the chosen building, both
OMRF and SMRF systems outperform the expected code-specific level of inelastic
capacity. Table 3 gives further details of the results from NLTHA and fragility
functions for the two variants of the building.

The methodology assumes that buildings designed in accordance with the codes
will have a low probability of collapse in case they are subjected to MCE ground
motion. The value of this low probability is adopted from Ref. [14] as approxi-
mately 10%. For the current study, this limit is assumed to remain unaltered.

Buildings in the moderate seismic regions, designed for even smaller lateral
force due to ductility criterion, tend to have extra reserve strength for the seismic
force. Since many vertical members have governing load case as gravity, buildings
develop additional resistance against lateral loads.

(b)

(a)Fig. 6 Assessment of RRF
using nonlinear time history
analysis for a SMRF and
b OMRF variant
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The work presented here does not discuss the effects of ground motion suite. An
ongoing study by the authors suggests that this can lead to significant changes in the
assessment of RRF values. Besides, this study examines only one building.
Conventionally, RRF values are assigned to lateral-load-resisting systems. An
extensive study with archetype structures is required to assess RRF values in a
generic sense. These archetype buildings must represent the stock of buildings in
the given typology adequately. Finally, performance objective has been taken as
collapse prevention at MCE for the present study. Other more desirable perfor-
mance objectives, especially with reference to the moderate seismic regions, shall
be considered for a better evaluation of the RRF values.
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Numerical Investigation on the Flexural
Performance of Laced Steel–Concrete
Composite (LSCC) One-Way Slab
System
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Abstract In this paper, numerical investigations are carried out to assess the
flexural performance of laced steel–concrete composite (LSCC) one-way slab
system subjected to monotonic loading. The individual LSCC units are modelled as
L-shaped beams. Flanges of two LSCC units are then connected using high strength
steel bolts. Finite element analysis of the LSCC slab system is carried out in
ABAQUS. Concrete damaged plasticity (CDP) model is used for concrete in both
tension and compression including damage characteristics. Nonlinear behaviour of
steel is modelled using plasticity model available in the software. The LSCC slab
system is then subjected to two-point loading under displacement control mode.
The LSCC slab system is found to take the load up to 333 kN for 200-mm
deflection. The composite action of the two LSCC units is evident from the
deformed shape. Therefore, the proposed integration scheme for LSCC one-way
slab system using bolts is found to be effective. An analytical procedure is also
described to estimate the strength of the LSCC one-way slab system based on the
different failure criteria. The strength obtained from the analytical model is found to
be in close agreement with those obtained from ABAQUS.
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1 Introduction

Shear reinforcement is usually provided in the conventional reinforced concrete
(RC) to improve its shear capacity and ductility. Many researchers have proposed
different types of shear reinforcement strategies to improve the ductility of con-
ventional RC like wire rope [1], continuous spiral reinforcement [2] and inclined
crossbars [3]. In the recent years, many steel–concrete composites have been
developed which exhibits improved shear capacity and ductility compared to
conventional RC. Steel–concrete composite consists of a concrete core sandwiched
between the steel cover plates. The two plates are connected to each other with the
help of shear connectors. Three different types of shear connectors commonly used
are headed shear connectors [4], through–through connector [5] and J-hook con-
nectors [6]. Laced steel–concrete composite (LSCC) system is composite system
developed by Anandavalli et al. [7]. LSCC consists of perforated steel cover plates,
which are connected using reinforcing members, cross-rods and infilled with con-
crete as shown in Fig. 1. The reinforcing members are in the form of lacings which
transfer the force between steel and concrete. This system is devoid of welding due
to particular arrangement of lacings being inserted through the silts at appropriate
places and made to stay in place by using cross-rods. The experimental investi-
gations on LSCC beams exhibited large deformation and improved post-peak
behaviour. Later on, a finite element (FE) model for LSCC beam was developed [8]
to predict its deformation capacity and mode of failure. The developed FE model
was found to be effective in terms of predicting load–deflection response, post-peak
behaviour and failure mode of LSCC beam. A parametric study was also carried out
to identify the effect of different parameters on the response of LSCC beam under
monotonic loading.

The construction of LSCC slab system is subjected to some practical difficulties. In
order to overcome those difficulties, an integration strategy of two LSCC units using
bolted connections is proposed in this paper. Effectiveness of the proposed scheme is
brought out through numerical investigation using finite elements. The individual
units of LSCC are modelled as L-shaped beams. The flanges of the LSCC units are
then connected with the bolts to form one-way slab system. Such integration scheme
ensures the composite action of the LSCC units. A FE model is created for the
proposed LSCC one-way slab system. The displacement profile obtained clearly

Fig. 1 Laced steel–concrete composite [7]
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shows composite action and verifies the effectiveness of the connection scheme. An
analytical model is also described to predict the response of the LSCC slab system in
the linear range. The response obtained from the FE and analytical model is found to
corroborate well with each other.

2 Finite Element Analysis

The section describes the procedure for the modelling and analysis of LSCC
one-way slab system. The finite element model is created in ABAQUS.

2.1 Geometry and Boundary Condition

The geometrical details of the different components of LSCC are given in Table 1.
The schematics of the LSCC one-way slab system are shown in Fig. 1. The slab
system is simply supported on both the ends. The slab is subjected to two-point
loading (Fig. 2).

2.2 Material Modelling

Concrete damaged plasticity (CDP) model is used in the present study to model
complete inelastic behaviour of concrete in both tension and compression including

Table 1 Geometrical details of LSCC beam

Details Description Value

LSCC panel Length, mm 2400

Span (b/w supports), mm 2000

Shear span, mm 666

Concrete core Width (top/bottom), mm 300/375

Depth, mm 150

Steel cover plate Width (top/bottom), mm 300/375

Thickness, mm 3

Lacing Diameter, mm 8

Transverse spacing, mm 192

Angle of lacing, degree 45

Bolts Diameter, mm 16

Spacing, mm 150

Cross-rod Diameter, mm 8

Total number of cross-rod (on top and bottom) 48
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damage characteristics. Nonlinear behaviour of steel is modelled using plasticity
model available in the software. Material behaviour of steel cover plate is employed
based on the nominal stress–strain behaviour of steel. Bi-linear stress–strain
behaviour is adopted to model the lacings, cross-rods and bolts. The material
properties used in the analysis are given in Table 2.

2.3 Interactions and Constraints

Mechanical interaction between the steel cover plate and concrete surfaces is
modelled by surface to surface contact interactions using a friction formulation in a

ts

P/2P/2

L/3 L/3 L/3

L

Dtcd

Fig. 2 Schematics of LSCC one-way slab system

Table 2 Material properties

Details Description Value

Concrete core Elastic modulus, (MPa) 19,700

Poisson’s ratio 0.19

Compressive strength, (MPa) 30

Steel cover plate Elastic modulus, (MPa) 113,419

Poisson’s ratio 0.15

Average yield stress, (MPa) 113

Ultimate stress, (MPa) 190

Lacing and cross-rod (high strength bars) Average yield stress, (MPa) 400

Ultimate stress, (MPa) 540

Bolts Average yield stress, (MPa) 400

Ultimate stress, (MPa) 540
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tangential direction and hard contact in normal direction. Hard contact is provided
in the normal direction to avoid penetration of steel surface into concrete surfaces.
Common nodes of the cross-rods and cover plates tied together using tie constraint.
The lacing and cross-rods are merged together. Normal contact is provided between
the steel cover plates of the two adjacent units of LSCC. The bolt heads are tied to
the cover plate, and shank is embedded in the concrete. Lacings are embedded in
concrete. The details of the interaction properties and constraints used in the FE
model are summarized in Table 3.

2.4 Meshing

All the components are meshed using part by part basis instead of using global or
sweep features. Thus, a regular structured mesh is generated. Solid element is used
to make a core of concrete, and shell element is used to make a thin sheet of
cold-formed steel as cover plate (skin), lacing and cross-rod are taken as a beam
element. The details of the elements used in the FE model are given in Table 4. The
mesh for the different components of LSCC is shown in Fig. 3.

3 Results

Nonlinear static analysis is carried out to obtain its static response under monotonic
loading. Newton–Raphson solution technique is adopted. The deformed shape of
the LSCC slab is shown in Fig. 4. The equivalent plastic strain contours in Fig. 5
highlight the parts of the model which have reached the plastic stage. The load
versus deflection (at the mid-point of the LSCC slab) behaviour obtained is shown
in Fig. 6. The integrated LSCC beam is found to take the load up to 333 kN for
200 mm deflection. The composite action of the two LSCC units is evident from the

Table 3 Interactions and
constraints used in FE model

Description Constraint/interaction

B/w cross-rod and cover plate Tie constraint

B/w lacing to cross-rod Merge common nodes

B/w lacings and cover plate Tie constraint

Concrete and cover plate Surface to surface
Interaction property: contact
Tangential and normal
Frictional coefficient: 0.4

Lacings and concrete Embedded constraint

Cover plate and cover plate Normal (hard contact)

B/w bolt and plate Tie constraint

B/w bolt and concrete Tie constraints
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Table 4 Elements details

Description Element type

Lacing and cross-rod B31: A 2-node linear beam in space

Bolts and nuts C3D8R: An 8-node linear brick, reduced integration, hourglass
control

Bottom plates S4R: A 4-node doubly curved thin or thick shell, reduced
integration, hourglass control, finite membrane strains

Top plates S4R: A 4-node doubly curved thin or thick shell, reduced
integration, hourglass control, finite membrane strains

Concrete (L-shape) C3D8R: An 8-node linear brick, reduced integration, hourglass
control

(a) Cover plate, lacing and cross-rods

(b) Concrete core

(c) Bolt

Fig. 3 Mesh for different parts of LSCC
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Fig. 4 Deflection profile of
LSCC slab

Fig. 5 Equivalent plastic
strain

Fig. 6 Load–deflection curve
for LSCC slab
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deformed shape. Therefore, the proposed integration scheme is found to be effective
and can be used to assemble individual units of LSCC. The key response param-
eters obtained from FE analysis are summarized in Table 5.

4 Analytical Model

The flexural capacity of the LSCC one-way slab system is predicted using the
mechanics of materials. It is assumed that the steel cover plates and concrete core
behaves linearly up to the failure based on classical beam theory. The modes of
failure for the LSCC considered are compression failure of the top steel cover plate,
shear failure of the concrete core and compression failure of the concrete core. The
method described here is adopted from [9]. The peak load at which these three
different types of failure occur is evaluated. The lowest of these failure loads will
govern the design of the LSCC one-way slab system.

4.1 Compression Failure of the Top Cover Plate

The top and bottom cover plates are subjected to compression and tension during
flexure. The tensile capacity of steel plate is more than the compression. Therefore,
it is expected the failure of the top plate under compression will occur first. The
peak load at which the compression failure of the top cover plate occurs is given by:

Fs ¼ 12EIrs
LEsD

ð1Þ

where EI is flexural stiffness, rs is maximum compressive strength of the skin, D is
the total height, L is the clear span and Es is modulus of elasticity of the steel cover
plate. The flexural stiffness, EI is calculated using Eq. (2).

EI ¼ Bt3s
6

Es þ Btsd2

2
Es þ Bt3c

12
Ec ð2Þ

Table 5 Response obtained
from FE analysis

Details Values

Peak strength, kN 354.11

Displacement at peak strength, mm 86.38

Ultimate load, kN 319

Ultimate displacement, mm 196.6

Support rotation angle, / 10.18°
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where ts and tc are the thickness of the cover plate and concrete core, Ec is modulus
of elasticity of the concrete core and d is the distance between the centre of the top
and bottom cover plates.

4.2 Shear Failure of the Concrete Core

The maximum shear stress occurs at neutral axis and is zero at the top and bottom
cover plates. The peak load at which the shear failure of the concrete core occurs is
given by:

Fc ¼ 2scEI

Es
tsd
2 þEc

t2c
8

� � ð3Þ

where sc is shear strength of the concrete core. The shear stress in the concrete core
is evaluated as per [10] and is given by:

sc ¼ rt

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ rc

rt

� �s
ð4Þ

rc ¼ 2Asfy
bd

� �
sin a � tan a ð5Þ

rt ¼ 0:3
ffiffiffiffiffi
fck

p
ð6Þ

where rc is the compressive and rt is the tensile strength of the concrete core. The
peak load was also calculated using the shear modulus of the cover plates and
concrete core. The peak load using the shear modulus is given by:

Fcs ¼ 2scGI

Gs
tsd
2 þGc

t2c
8

� � ð7Þ

GI ¼ Bt3s
6

Gs þ Btsd2

2
Gs þ Bt3c

12
Gc ð8Þ

where Gs is shear modulus of the steel cover plate and Gc is shear modulus of the
concrete core.

4.3 Compression Failure of the Concrete Core

The concrete core fails once the normal stress in compression exceeds the maximum
compressive strength of the concrete. The peak load for this failure mode is given by:
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Fca ¼ 12EIrcc
LEctc

ð9Þ

where rcc is the maximum compressive strength of the concrete core.

4.4 Peak Loads for Different Failure Modes

The value of the peak loads at which different modes of failure occur in LSCC is
obtained from the analytical model. The results obtained are summarized in
Table 6.

5 Conclusions

The flexural performance of the LSCC one-way slab system with the bolted con-
nections is analysed using FE method and elastic beam theory. The FE model
verifies the effectiveness of the connection scheme used for the integration of the
individual LSCC units. An analytical model based on the linear elastic beam theory
is also described to arrive at the preliminary loading capacity of LSCC one-way
slab system. The results obtained from FE analysis and analytical model are found
to corroborate with each other by about 6%.
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Wind Tunnel Investigations on a Tall
Building With Elliptic Cross Section

A. Abraham, S. Selvi Rajan, P. Harikrishna and G. Ramesh Babu

Abstract According to a statistics revealed by Council of Tall Building and Urban
Habitat [1] that for every 11.5 millions of global population, there is one tall
building with 200 m+ in height available globally. Tall building constructions are
paving ways for rapid urbanization worldwide including India, especially during the
last one decade and will be continued over next few decades. Wind loads are one of
the most important loads that govern the design of tall buildings. Published data on
pressure and force coefficients for 3-D building with elliptic cross section under
boundary layer flows are very scanty. This paper presents the results on mean force
coefficients obtained through wind tunnel pressure measurements carried out on a
3-D tall building with elliptic cross section for various angles of wind incidence
under suburban terrain. It is found that the mean pressure distributions and force
coefficients depend significantly upon the angle of wind incidence.
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1 Introduction

Demand for tall buildings is rapidly increasing worldwide including in India due to
their significant economic benefits in dense urban land use. Wind loads are one of
the most important loads that influence the design of tall buildings. Using wind
tunnel, different techniques are being adopted for quantification of wind loads and
its associated dynamic responses on tall buildings. One such technique is measuring
the wind-induced pressures on the surface of the tall building models using pressure
sensors, and the importance of this technique is felt by the many researchers
worldwide even today. But the information on force coefficients using the pressure
measurement technique on 3-D tall building with elliptic cross section under
boundary layer flows is very scanty. Galloping instability characteristics on 2-D
bluff bodies with elliptic cross section using pressure measurement/six component
base balance techniques for angles of wind incidence from 0° to 90° were studied
through wind tunnel testing [2]. The effect of plan ratio, angle of wind incidence on
mean and unsteady pressure coefficients, Strouhal number and wake geometry on
2-D bluff bodies with elliptic cross section using pressure measurement technique
were studied through wind tunnel testing [3]. Identification of boundary layer
detachments, re-circulations, vortex shedding phenomenon and other flow struc-
tures on elliptic cross section having different plan ratios using flow visualisation
technique was studied through vertical hydrodynamic tunnel testing [4]. Dynamic
wind-induced response analyses were carried out [5] on tall building models
including elliptic plan through aerodynamic pressure/force measurements to
investigate the relationships among structural properties, aerodynamic modifica-
tions, and aerodynamic force characteristics. Wind tunnel experiment on elliptic
building model was carried out for various angles of wind incidence to find optimal
and critical wind direction through pressure measurement on the external surface
[6]. Codes of practice [7, 8] specify the force coefficients for building with elliptic
cross section corresponding to a specific plan ratio and for two important angles of
wind incidence.

Earlier wind tunnel pressure measurements study on a 3-D tall building model
with elliptic cross section having the plan dimensions of 10 cm � 20 cm and
height of 70 cm was carried out for different angles of wind incidence. The fab-
rication of the model, its instrumentation (Fig. 1), simulation of wind characteristics
correspond to open terrain, data collection/analysis, and the results on aerodynamic
pressure/force coefficients based on statistical analysis of measured data were
reported elsewhere [9]. In addition, a comparison on aerodynamic mean pressure/
force coefficients was made between the values obtained from wind tunnel model
study and the values reported in the literature.

Further, wind tunnel pressure measurements study on the same tall building
model was carried out under suburban terrain condition in order to investigate the
effect of terrain conditions on aerodynamic pressure/force coefficients. Accordingly,
profiles of mean velocity and turbulence intensity (Fig. 2) to a length scale of 1:300
are simulated in the boundary layer wind tunnel by using a trip board followed by
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set of wooden boards with roughness elements, as vortex generators. Typical views
of the model tested in wind tunnel for wind normal to minor and major axes (h = 0°
and 90°) under simulated suburban terrain are shown in Fig. 3.

This paper presents comparison on variation of mean pressure/force coefficients
at a typical level for different angles of wind incidence between open and suburban
terrain conditions. Further, comparison on aerodynamic mean pressure/force
coefficients is made between the values obtained from the present study and the
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values reported in the literature. For comparison purpose, the results on mean
pressure/force coefficients obtained based on wind tunnel pressure measurements
under open terrain are considered in this paper.

2 Results and Discussions

Typical traces of instantaneous pressures at level 4 for port numbers 92 (windward)
and 86 (side) for h = 90° are shown in Fig. 4. It is observed that the instantaneous
pressures for port numbers 92 and 86 are found to be positive pressures and
negative pressures.

2.1 Comparison on Mean Pressure Coefficients

Comparison between the distributions of mean pressure/force coefficients obtained
under open and suburban terrains for h = 0°, 10°, 15°, 20°, 30°, 40°, 45°, 50°, 60°,
70°, 75°, 80°, and 90° at eight different levels are compiled elsewhere [10].
Figure 5 shows the variation of mean pressure coefficients with respect to

Fig. 2 Simulated mean
velocity and turbulence
intensity profiles under
suburban terrain

Fig. 3 Elliptic tall building
model kept inside the wind
tunnel for h = 0° and 90°
under suburban terrain
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normalized distance S/D (port location on the surface to major axis) obtained at
level 4 for h = 0° to 90° at 15° interval. Based on the comparison, the following
observations are made.

• In general, the variation of mean pressure coefficients is found to be different for
different angles of wind incidence. The variation of mean pressure coefficients
under open and suburban terrain conditions for all the angles of wind incidence
is similar but varying in magnitudes.

• As the angle of wind incidence progresses from h = 0° to 30°, the difference
between the variation of mean pressure coefficients (both positive and negative)
obtained at most of the levels under open and suburban terrain conditions found
similar except at bottom and top levels.

• Beyond h = 30° and as the levels progress from bottom to top, the scatter in the
variation of mean suction coefficients under suburban terrain found to be higher
than those for open terrain in the circumferential length between 21.023 and
47.301 cm.

• The magnitudes of mean suction coefficients at all the levels under suburban
terrain found to be relatively higher than those under open terrain up to h = 30°.
As the angle of incidence progresses further, the magnitudes of mean suction
coefficients under open terrain up to level 3 found to be relatively higher than
those under suburban terrain in the circumferential length between 21.023 and
47.301 cm.

• At level 4, the variation of mean pressure coefficients under open terrain equal to
the variation under suburban terrain over the entire circumferential length of the
model.

• As the level progresses from level 4 to top level, the magnitudes of mean
pressure coefficients obtained under suburban terrain are found to be relatively
higher than those for open terrain in the circumferential length between
21.023 and 47.301 cm.

Fig. 4 Typical instantaneous
pressure traces
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With reference to a fixed set of body axes (X and Y), orientations for forces Fx,
Fy, and Torsion (T), along with drag and lift directions corresponding to angle of
wind incidence “h” are defined in Fig. 1. The forces Fx and Fy per unit height along
the body-fixed axes X and Y, respectively, are computed with respect to respective
heights by integrating the circumferentially measured pressures accounting the
reference widths (minor and major axis). By resolving Fx and Fy in the direction of
wind and perpendicular to the direction of wind, the drag force FD and the lift force
FL are evaluated accounting the projected widths. Typical variation of mean force
coefficients in body axes X and Y (based on the minor axis) at level 4 under

Fig. 5 Comparison on variation of mean pressure coefficients for h = 0°, 15°, 30°, 45°, 60°, 75°,
and 90°
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suburban terrain is shown in Fig. 6. Obviously, for most of the angles of wind
incidence, the magnitude of force in Y direction found to be higher than those
obtained in X direction.

2.2 Comparison on Mean Force/Torsion Coefficients

Comparison on mean drag, lift, and torsion coefficients obtained under open and
suburban terrain conditions for all the angles of wind incidence at all levels by
accounting the projected widths of D′, B′, and D′B′ are made. Typical distributions
of mean drag, lift, and torsion coefficients at level 4 are shown in Fig. 7.

The following observations are made:

• The variation of mean drag/lift force and torsion coefficients obtained at levels 4
and 8 found to well compare under both the terrain conditions.

Fig. 5 (continued)
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• At level 1, the values of mean drag/lift force and torsion coefficients correspond
to suburban terrain found to be higher than those for open terrain in the range of
h = 60° to 90°, 20° to 80°, and 10° to 60°, respectively.

Fig. 6 Variation of mean
force coefficients

Fig. 7 Comparison on
variation of mean drag, lift,
and torsion coefficients
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3 Comparison Between Present Study and Literature

3.1 Mean Pressure Coefficients

Comparison on variation of mean Cp between the present study (B/D = 0.5, under
open and suburban terrain conditions) on 3-D elliptical bluff body at level 4 and the
literature [3] on 2-D elliptical cylinder (B/D = 0.6, under uniform flow) are made
for h = 0°, 30°, 60°, and 90° and are shown in Fig. 8. Except for h = 0°, for all
other angles of incidence, the values of mean suction coefficients reported in the
literature [3] are found to be higher than those values obtained from the present
study, whereas the values of mean positive pressure coefficients reported in the
literature [3] are found to be less than those values obtained from the present study.
The above differences could be due to 3-D flow effects in the present study.

Fig. 8 Comparison on
variation of mean pressure
coefficients for h = 0°, 30°,
60°, and 90°
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3.2 Mean Force/Torsion Coefficients

Comparison on variation of mean Cd and Cl between the present study and on long
elliptical cylinder reported in the literature [11] and on 2-D elliptical cylinder
reported elsewhere [3] are made and are shown in Figs. 9 and 10. The results
plotted in Fig. 9 as the variation of mean drag force coefficients are obtained by
substituting the evaluated values of mean Cd for h = 0° and 90° in the empirical
relation given in the literature [11]. From Fig. 9, it is found that the values of mean
Cd are minimum at 0° and maximum at 90°; i.e., values of mean Cd increase with
change in angle of wind incidence from 0° to 90°. The value of mean Cd reported in
[3] for 0° is 0.43, which is found to be relatively higher than those evaluated values
under both the terrain conditions and the value obtained using the empirical relation
given in the literature [11]. For h = 90°, the evaluated values and the value obtained
using the empirical relation given in the literature [11] are found to be relatively less
than the value reported in [3].

Comparison on variation of mean Cl is shown in Fig. 10. The results plotted in
Fig. 10 as the variation of mean lift force coefficients are obtained by substituting
the evaluated values of mean Cl for h = 45° in the empirical relation given in the
literature [11]. From Fig. 10, it is observed that the values of mean Cl reported in
the literature [3, 11] and the evaluated values are found to be 0 for 0° and 90°. The
values of mean Cl increase with change in angle of wind incidence up to a certain
angle of wind incidence and beyond which it decreases with change in angle of
wind incidence. The maximum values of mean Cl reported in [11] and [3] are found
to be 0.47 (h = 45°) and 0.41 (h = 50°), respectively, whereas from the present
study under open and suburban terrain conditions, it is observed to be 0.49 and 0.53
(h = 40°), respectively.

Fig. 9 Comparison on
variation of mean drag force
coefficients

Fig. 10 Comparison on
variation of mean lift force
coefficients
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3.3 Comparison Between Present Study and Codes
of Practice

Comparison on values of mean Cd between the present study and the values
reported in codes of practice [7, 8] are made and are given in Table 1 for h = 0° and
90°, respectively. From Table 1 for h = 0°, it is found that the evaluated value of
mean Cd is 50 and 67% less than those values reported in codes of practice [7, 8].
For h = 90°, the evaluated value of mean Cd is 10% higher than the value reported
in [7], whereas the evaluated value is 30% less than the value reported in [8], which
corresponds to individual members with aspect ratio � 40.

4 Summary and Concluding Remarks

Wind tunnel experiments were conducted on a tall building model (scale of 1:300)
with elliptical cross section having major and minor axis of 20 cm and 10 cm with
height of 70 cm under suburban terrain for 13 different angles of wind incidence of
0° (wind normal to minor axis), 10°, 15°, 25°, 30°, 40°, 45°, 50°, 60°, 70°, 75°, 80°,
and 90° (wind normal to major axis). The model was instrumented with pressure
ports in the circumferential direction at eight levels along the height of model,
denoted as level 1–8 corresponding to the height ratio of z/H = 0.1, 0.2, 0.3, 0.5,
0.7, 0.8, 0.9, and 0.95, respectively. The datasets were acquired at a sampling
frequency of 700 samples/sec/channel for a sampling duration of 15 s. Static
pressure data had been collected by a pitot tube placed at 70 cm height. The
measured pressures were processed (using MATLAB script) to obtain statistical
parameters of aerodynamic pressure/force coefficients with respect to measurement
level. The results obtained from the present study are compared with the earlier
wind tunnel pressure measurement study carried out on the same model with same
instrumentation scheme under open terrain. Further, the results obtained from the
present wind tunnel study are compared with those reported in the literature/codes
of practice. Based on the comparison study, the following concluding remarks are
made:

• In general, the variation of mean pressure coefficients is found to be different for
different angle of wind incidence. The variation of mean pressure coefficients
under open and suburban terrain conditions for all the angles of wind incidence
is similar but varying in magnitudes.

Table 1 Comparison on
mean drag force coefficients

Description h = 0° h = 90°

IS:875 [7] 0:2 0:95

AS/NZS:1170.2 [8] 0:3 1:5

Present study (both terrains) 0.1 1.05
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• The mean pressure distribution around the ellipse is symmetric about major axis
for h = 0° and about minor axis for h = 90°. The values of mean pressure
coefficients at stagnation points at all levels are found to be unity. In the wake
region, the magnitude of suction pressure coefficients for h = 0° is relatively less
than those magnitudes for h = 90°, due to large wake created behind the model.
Hence, the scatter in mean pressure coefficients is insignificant at the windward
region, whereas more scatter is observed in wake region along the height. This is
applicable for both open and suburban terrain conditions.

• As the angle of wind incidence progresses from h = 0° to 30°, the difference
between the variation of mean pressure coefficients (both positive and negative)
obtained at most of the levels under open and suburban terrain conditions found
similar except at bottom and top levels.

• As the angle of incidence progresses further, the magnitudes of mean suction
coefficients under open terrain up to level 3 found to be relatively higher than
those under suburban terrain in the circumferential length between 21.023 and
47.301 cm.

• At level 4, the variation of mean pressure coefficients under open terrain equal to
the variation under suburban terrain over the entire circumferential length of the
model.

• As the level progresses from level 4 to top level, the magnitudes of mean
pressure coefficients obtained under suburban terrain are found to be relatively
higher than those for open terrain in the circumferential length between
21.023 cm and 47.301 cm.

• The component of force acted in Y axis is mostly contributing to drag and it
increases with increase in angle of wind incidence, as observed under both
terrain conditions.

• The variation of mean lift/torsion coefficients peaks at 30°, which could be a
critical angle of wind incidence, as observed under both terrain conditions.

• The variation of mean drag/lift force and torsion coefficients obtained at levels 4
and 8 found to well compare under both the terrain conditions.

• At level 1, the values of mean drag/lift force and torsion coefficients correspond
to suburban terrain found to be higher than those for open terrain in the range of
h = 60° to 90°, 20° to 80°, and 10° to 60°, respectively.

• Based on the comparison on mean suction coefficients between evaluated values
and values reported in literature, the evaluated values are found to be less than
those values reported in the literature for the angles of wind incidence examined.

• Based on the comparison on mean drag force coefficients between evaluated
values and values reported in codes of practice, the values reported in codes of
practice are found to be conservative.
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Influence of Bracing Systems
on the Seismic Pounding of High-Rise
Structure

Pallerla Sai Krishna and J. S. Kalyana Rama

Abstract Earthquakes are natural hazards where the shaking of the ground occurs
due to the seismic waves produced by a release of energy. This nature of earthquakes
may cause disasters by the collapse of structures and buildings. The amount of
damage during an earthquake depends on many parameters, including intensity,
duration and frequency content of ground motion, geologic and soil condition,
quality of construction. We need to ensure that the design of building should have
adequate strength and be ductile enough to remain as one unit, even while subjected
to very large deformations. The present study deals with the assessment of pounding
effects on the behavior of two adjacent structures. Suitable resisting techniques were
also adopted for addressing the gap required for adjacent structures.

Keywords Bracing systems � Seismic pounding � High-rise structure
Earthquake � Storey drift � Displacement

1 Introduction

It is not always possible to increase the separation between buildings to the extent that
we need in all practical situations. So an alternative in such a case would be to
compensate the gap needed in the structural design with the decreasing lateral motion
of the structure which can be done by employing different techniques (bracings, shear
walls, dampers, etc.). The separation or gap required to minimize pounding depends
on the dynamic characteristics such as mass, stiffness, and strength of the two
buildings. This depends on the peak displacement response of adjacent structures.
Daniela Dobre et al. investigated the damages after a strong earthquake due to the

P. Sai Krishna � J. S. Kalyana Rama (&)
Department of Civil Engineering, BITS-Pilani, Hyderabad Campus,
Hyderabad, Telangana State, India
e-mail: kalyan@hyderabad.bits-pilani.ac.in

P. Sai Krishna
e-mail: f2013550@hyderabad.bits-pilani.ac.in

© Springer Nature Singapore Pte Ltd. 2019
A. Rama Mohan Rao and K. Ramanjaneyulu (eds.), Recent Advances in Structural
Engineering, Volume 2, Lecture Notes in Civil Engineering 12,
https://doi.org/10.1007/978-981-13-0365-4_25

295

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_25&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_25&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_25&amp;domain=pdf


pounding effect between adjacent buildings is observed. Also an analysis is per-
formed to determine the behavior of buildings due to structural pounding, with and
without considering the soil-structure interaction (SSI). Winkler springs were used to
define the properties of underlying soil. They observed that a frame building located
next to a shear wall structure suffered no serious external damage. The damage due to
pounding was severe in a case where collision between taller frame and shorter frame
building with adjacent corners. Nawawi Chouw et al. carried out numerical analysis
to observe the pounding effects between adjacent buildings considering soil-structure
interaction. The two structures were described by finite elements whereas the soil
underlying them was described by boundary elements. They observed that due to
near-source ground motion, there were strong excitations at the low-frequency range.
So, it led to a conclusion that high-rise buildings are strongly affected when compared
to low-rise buildings. Pounding may not increase the force on the structural members
but will surely lead to higher modes of the buildings [1].

Dobre et al. presented some of the related to the Vrancea seismic motions
pattern. An analytical and numerical study was carried out to assess the effects of
pounding during an earthquake with and without soil-structure interaction. They
observed that the damage is concentrated at the roof of the shorter building and
stiffer structures suffer detrimentally compared to a flexible structure. Impact forces
decrease as the separation gap increases.

Shehata carried out a parametric study on building pounding response along with
seismic hazard mitigation for adjacent buildings for three categories of recorded
earthquake excitation. He concluded that the seismic poundings between adjacent
buildings may induce unwanted damages even though each individual structure
might have been designed properly to withstand the strike of credible earthquake
events. He suggested an increasing gap width to eliminate the contact between two
adjacent structures.

Rahman investigated the dynamic structural response of reinforced concrete
moment resistant frames considering soil flexibility effects. Pounding phenomenon
of a twelve-storied and six-storied subjected to two recorded earthquake excitations
is assessed. He developed suitable numerical models with soil-structure interaction
phenomenon. The pounding response in which soil flexibility was accounted for
was compared to the fixed base response for each of the separation gaps incorpo-
rated. He observed through his analysis that the relative storey accelerations were
more dependent on the characteristics of the excitation rather than on the magni-
tudes of the impact forces.

The present study was done for two scenarios: one for a 20 floors structure and
the other for 25 floors structure, and the results obtained were used to arrive at the
conclusions. Figure 1 shows the plan configurations of the two structures.
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2 Observations and Results

SAP2000 was used for the modeling and analysis of the structures.
Two structures, one with 20 floors and the other with 25 floors were placed

adjacent to each other to discern the effect of seismic pounding. Floor to floor
height for both the structures is taken as 3.1 m. Plinth floor height above ground
level is taken as 0.55 m. Beams and columns of size 450 mm � 450 mm were
adopted. The material used is M20 grade of concrete and Fe415 grade of steel for
reinforcement.

A uniformly distributed live load of 4.5 kN/m2 is considered. Equivalent lateral
force procedure is followed to first calculate the design base shear. It is then
distributed throughout the height of building at various floor levels.

Equivalent static lateral force method which is a nonlinear static analysis tech-
nique is used for the seismic analysis of both the structures. The steps involved in
the process are stated below:

1. Seismic weight of the buildings are calculated using the lumped mass concept
2. The design base shear is then calculated based on the equation

VB ¼ Ah �W

where

Ah ¼ Z � I � Sa=ð2 � R � gÞ

Fig. 1 a Floor plan of 25 storied building, b Floor plan of 20 storied building
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Z Zone factor;
I Importance factor;
R Response reduction factor;
Sa/g Average response acceleration coefficient.

3. This is then distributed throughout the height of building using the equation

Qi ¼ VBWih
2
i =

Xn

i¼1

Wih
2
i

where

Wi Seismic weight of floor I;
hi Height of floor i measured from base;
N Number of stories in the building.

The maximum displacement of the structures was found out to be 0.083 and
0.161 m for 20 and 25 floors structure, respectively. When X bracings were pro-
vided, lateral displacements of the structures were reduced significantly to 0.08 and
0.154 m for 20 and 25 floors structure, respectively. This implies that, in practice,
when the required seismic gap cannot be maintained between structures, provision
of bracings, and shear walls would reduce the storey drift of the structures as shown
in Figs. 2 and 3.

Storey drift of structures without bracings (Fig. 2);
Storey drift of structures with V bracings (Fig. 3);
Storey drift of structures with X bracings (Fig. 4);
Storey drift of structures with springs to represent the soil profile (Fig. 5);
Base shear of structures for different cases considered (Fig. 6);
Maximum roof displacement of structures for different cases considered (Fig. 7).

Figures 6 and 7, case 1 indicates storey drift without bracings; case 2 indicates
storey drift with V bracings; case 3 indicates storey drift with X bracings; case 4
indicates storey drift when springs are used to represent the soil profile below the
foundation. From the above observations of various cases for both 20 and 25 floors
structures, maximum displacement, i.e. roof displacement was observed to be
increasing with an increase in the number of floors of the building, considering all
other factors remains same. For the above-considered scenario, when buildings are
constructed adjacent to each other, a minimum seismic gap of 0.2 m should be
provided to avoid the effect of pounding between structures. This maximum roof
displacement can be reduced by providing bracings to the structure.

Providing bracings of V shape has reduced the displacement a little higher than
by providing X bracings. When springs are used to represent the soil profile below
the building by removing the fixity from fixed as in earlier cases, the maximum
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displacement has seen an increase for both 20 and 25 floors structure. This approach
of using springs instead of assuming a fixed support at the base of the column
makes our model even more realistic. The model prepared can be further
strengthened by designing a foundation by using the base forces and moments
obtained earlier.
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Fig. 2 Storey drift for 20 and 25 storied structures without bracing
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Fig. 3 Storey drift for 20 and 25 storied structures with V bracings
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The results thus obtained after that will serve as a good estimate in representing
the practical scenario of a structure subjected to seismic load in an earthquake zone.
Thereon, we observe if the structure is going to fail in any of the members and thus
change the design accordingly.

According to IS:4326, for buildings of height greater than 40 m, the sum of the
dynamic deflections at any floor level should be less than the gap width provided
between the adjoining structures. Our problem meets those requirements for any
floor level considered.
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Fig. 5 Storey drift for 20 and 25 storied structures with springs to represent the soil
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Coherency Model for Dense Seismic
Array

Gopala Krishna Rodda and Dhiman Basu

Abstract The recorded translational motions represent characteristics of the seis-
mic excitation at one single point. Most foundation systems have finite, but con-
siderable dimension, and it may offer rigidity constraint over the underlying soil.
However, the extent of rigidity depends on the foundation footprint. Therefore,
free-field ground motions are in general preferred in seismic design and effect of
foundation flexibility is separately accounted for in a case-by-case. Hence, infor-
mation about the spatial variability of translational motion is needed for seismic
design of structures. Coherency is the best descriptor of spatial variability quanti-
tatively. Moreover, description of the ground motion input cannot be completed
without specifying the rotational ground motion. Since direct measurement of the
rotational excitations is not feasible, these components must be extracted from the
recorded translational data under suitable assumptions so as to account for their
effects in an approximate sense in seismic design. Once the coherency is estimated,
a number of procedures are available to generate spatially varying ground motion
conditioned upon a seed event and coherency model. Objectives of this study are to
obtain a coherency model for translational and rotational motion to completely
specify the appropriate ground motion fields.

Keywords Lagged coherency � Dense seismic array � Rotational motion
Appropriate translational components
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1 Introduction

Dense seismic array provides a unique opportunity to study the spatial variability.
Based on the analysis of strong motion events recorded, many researchers reported
that the spatial variability of free-field translational ground motion could be sig-
nificant within the dimension of a typical engineered structure. Therefore, spatial
variability of translational and, especially, rotational ground motion is required to
completely specify the appropriate ground motion inputs. This has led to consid-
erable research in the last decade on modeling spatially varying earthquake ground
motion. Coherency is generally used as a measure of the spatial variability.
Coherency can be obtained by normalizing the cross-spectral density (CSD) with
the auto-spectral density (ASD), and lagged coherency is given by its absolute
value. Denoting f as the frequency in Hz, mathematically, coherency between the
two ground motions, x1ðtÞ and x2ðtÞ, can be expressed as

cðf Þ ¼ Sx1x2 fð Þffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
Sx1x1 fð ÞSx2x2 fð Þp

Sx1x2 --CSD between x1ðtÞ and x2ðtÞ
ð1Þ

It is immediately obvious that the coherency will have the value of 1 for all the
frequencies for any pair of ground motions. This is avoided in practice by per-
forming smoothening operation on the ASD and CSD. Hamming window is used to
carry out smoothening in this paper. Lagged coherency was reported to be reducing
with the increasing separation distance and frequency. A number of researchers
have studied the characteristics of translational ground motion, its spatial vari-
ability, and its effect on the seismic response of structures.

Lagged coherency for a particular ground motion component was computed by
taking all possible pairs of array elements. Computed numerical coherency is then
fitted through a predefined functional form using least squares approximation to get
the coefficients of curve fitting.

Different empirical forms have been suggested for approximating the coherency.
The sum of two exponentials has been suggested in Ref. [4]:

cðm; f Þj j ¼ A exp � 2m
ahðf Þ ð1� Aþ aAÞ

� �

þð1� AÞ exp � 2m
hðf Þ ð1� Aþ aAÞ

� � ð2Þ

where hðf Þ ¼ kð1þ f =foÞbÞ�1=2 is the frequency-dependent spatial scale of fluctu-
ation, m is the distance, and all other parameters ðA; a; fo; b and kÞ have to be esti-
mated by regression analysis.

304 G. K. Rodda and D. Basu



Another coherency form has been suggested in Ref. [3] which is:

cðx; y;xÞ ¼ exp �a1ðxÞx2 � a2ðxÞy2x
� � � exp � ixx

va

� �

aiðxÞ ¼ ai
bi þ lnðxÞ ; x� 0:314 rad/s; i ¼ 1; 2

ð3Þ

where x is the circular frequency, va is the apparent propagation velocity, x and
y are distances between stations along and perpendicular to the wave propagation,
and ai and bi are to be determined by regression analysis, respectively.

References [5, 6] and [8] and others have proposed more complex models. But
all these models were proposed for array with comparatively large separation dis-
tances and may not match accurately with numerical coherency calculated with
dense seismic array. Reference [1] proposed a new coherency model for dense
seismic array which is

tanh�1 c f ; nð Þj j ¼ a1 þ a2nð Þ exp b1 þ b2nð Þf gþ 1
3
f c

� �
þ k ð4Þ

where a1; a2; k; b1; b2 and c are model parameters, f is frequency in Hz, and n is the
separation distance in meters. Even though the fitting might be satisfactory in
inverse hyperbolic form, deviation will be significant once model is compared with
numerical coherency in normal scale. Hence, a new coherency model is proposed
for small size array like LSST array and it is as follows. Also, all the coherency
models proposed to date lack the theoretical transparency. Therefore, the objective
of the present study is to arrive at a coherency model from the first principles and
consistent with the theory.

The description of the parameters given till now is limited to the introductory
part. The parameters needed will be defined wherever required which will be valid
for the rest of sections.

2 Description of the Array and Events Considered

2.1 LSST Array

The Lotung-LSST (LLSST) site is a part of the much larger SMART-1 array.
Figure 1 shows the surface stations of the LSST array to be considered in this
paper. All fifteen free-surface accelerometers at the LSST are positioned along three
arms at approximately 120° intervals. Each arm extends for about 50 m, and the
spacing between the surface stations varies from 3 to 90 m. Each arm contains five
stations that are designated here as 1 through 5, starting at the center of the array.
For example, FA1_1 and FA2_5 denote the innermost and outermost stations
located on arm 1 and 2, respectively.
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Three strong motions events recorded at the LSST array are considered for
analysis in this paper. Brief description of each event is presented in Table 1.
Detailed description of the recorded data is provided later in this paper. Note that
Event-3 may have some near-field effects as the epicentral distance is approxi-
mately 24 km. Only surface stations are considered in the analysis, and out of 15,
usually, 10–14 actually functioned during the events. Hence, number of surface
stations analyzed varies from one event to another.

Ground motion is recorded in LSST array along the East-West (EW),
North-South (NS), and vertical directions. Recorded horizontal accelerations (EW
and NS) are rotated along and normal to the principal plane to facilitate extraction
of rotational components. These two rotated components, i.e., along and normal to
the principal planes, are denoted in this paper as ag1 and ag3, respectively; for
completeness, vertical acceleration is denoted as ag2.

Fig. 1 LSST array, Lotung

Table 1 Events considered

Description Event-1 Event-2 Event-3

Date May 20, 1986 November 14, 1986 January 16, 1986

Latitude 24° 4′ 54″ 23° 59′ 30.5″ 24° 45′ 46.2″

Longitude 121° 35′ 29.4″ 121° 49′ 59.4″ 121° 57′ 40.1″

Focal depth (km) 15.8 15 10.2

Local magnitude 6.2 6.5 6.1

Epicentral distance (km) 66 75 24
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2.2 SMART-1 Array

SMART-1 array is a strong motion array located in Lotung, in the northeast corner
of Taiwan. It consists of 37 force-balanced triaxial accelerometers arranged on three
concentric circles and a center station. The inner ring is denoted by I, the middle by
M, and the outer by O. Twelve equi-spaced stations were located on each ring,
numbered 1–12, and station C00 was located at the center of the array as shown in
Fig. 2. Event considered in this study is the Event 45 information which can be
found in http://www.earth.sinica.edu.tw/*smdmc/smart1/smart1.

3 Methodology

3.1 Empirical Coherency Model for Rotational Motion

Let j and k be two stations, separated by some distance. Seismic waves are assumed
to be propagating like plane waves. During the propagation, it is assumed that
seismic waves will reach station j first and then proceed to reach station k. Direction
of propagation of wave is not along the direction of line joining the two stations.
Depending on the direction of propagation and speed of propagation, seismic waves
will reach station k from station j with some time delay ðtoÞ. There will be decay in

Fig. 2 SMART-1 array,
Lotung
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amplitude (h), and random motion will be added during the course of propagation.
Hence, translational acceleration at station kðak tð ÞÞ can be estimated through the
following equation.

ak tð Þ ¼ haj t � toð Þþ r tð Þ
where to ¼ �c:�u

�cj j2
ð5Þ

Using the principles of Fourier transform, Eq. (5) can be written in frequency
domain as

Xk fð Þ ¼ he�j2pftoXj fð ÞþR fð Þ ð6Þ

where f is the frequency, and Xj, Xk , and R are Fourier transforms of motions at
stations j, k, and random motion, respectively.

Using Eq. (6), the ASD at station k (Skk) can be estimated as

Skk fð Þ ¼ 1
T
X�
k fð ÞXk fð Þ

¼ 1
T

hej2pftoX�
j fð ÞþR� fð Þ

	 

he�j2pftoXj fð ÞþR fð Þ� � ð7Þ

Further simplification of Eq. (7) will lead to

Skk fð Þ ¼ h2Sjj fð Þþ 2hRe e�j2pftoCar fð Þ� �þ Srr fð Þ� � ð8Þ

Car is the CSD between motion at station j and random motion.
Now, the random motion is assumed to be uncorrelated with ground motion i.e.,

Car ¼ 0. Then, Eq. (6) will be further simplified to

Skk fð Þ ¼ h2Sjj fð Þþ Srr fð Þ� � ð9Þ

Similarly, the CSD between the ground motions at stations j and k (Sjk) is given
by

Sjk fð Þ ¼ X�
j fð ÞXk fð Þ=T

¼ X�
j fð Þ he�j2pftoXj fð ÞþR fð Þ� �

=T
ð10Þ

After considering the assumption Car ¼ 0, Eq. (10) will lead to

Sjk fð Þ ¼ he�j2pftoSjj fð Þ ð11Þ

Substituting Eqs. (9) and (11) into Eq. (1), coherency is simplified to
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cjk fð Þ ¼ Sjk fð Þffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
Sjj fð ÞSkk fð Þp

¼ he�j2pftoSjj fð Þffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
Sjj fð Þ h2Sjj fð Þþ Srr fð Þ� �q ð12Þ

It is also to be noted that when distance between the stations is close to zero,
there will be no decay in amplitude ðh � 1Þ and random motion ceases to exist
ðSrr � 0Þ. If the stations are well separated, decay in amplitude and random motion
will be significant ðh � 0Þ. Satisfying these conditions, ASD of random motion is
assumed to be a function of both distance and frequency and is approximated as
below.

Srrðf ; uÞ ¼ 1� h2ðuÞ� �
Soðf Þ ð13Þ

Substitution of Eq. (13) into Eq. (12) will lead to

cjk f ; uð Þ ¼ he�j2pftoSjj fð Þffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
Sjj fð Þ h2Sjj fð Þþ 1� h2ð ÞSoðf Þ

� �q
¼ e�j2pfto 1þ 1=h2 � 1

� �
Soðf Þ=Sjjðf Þ

� ��0:5

ð14Þ

From Eq. (14), lagged coherency, which is defined as absolute value of coher-
ency, is estimated as

cjk f ; uð Þ�� �� ¼ 1þ 1=h2 � 1
� �

So=Sjj
� ��0:5

¼ 1þ g1 uð Þg2 fð Þð Þ�0:5
ð15Þ

where g1 uð Þ and g2 fð Þ are defined as

g1 uð Þ ¼ 1=h2 � 1

g2 fð Þ ¼ So fð Þ=Sjj fð Þ ð16Þ

Amplitude decay (h) approximation should be such that when distance between
the station is close to zero, h � 1, and when distance is very large h � 0. Hence, a
decaying exponential has been assumed to represent the decay.

hðuÞ ¼ e�bu ! b[ 0 ð17Þ

Then, g1 uð Þ can be expressed as
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g1 uð Þ ¼ 1=h2ðuÞ � 1
� � ¼ e2bu � 1

� � ð18Þ

The only function left to be estimated is g2 fð Þ. So, lagged coherency is calcu-
lated numerically and then g2 fð Þ is computed from it. Gaussian curve seemed to
represent the data the best. Hence, Gaussian curve is assumed to represent the
function g2 fð Þ, whose coefficients are to be determined from regression analysis of
numerical coherency.

g2 fð Þ ¼ Ae�
f�lð Þ2
2r2

cjk f ; uð Þ�� �� ¼ 1þ e2bu � 1
� �

Ae�
f�lð Þ2
2r2

� ��0:5 ð19Þ

In case of significant curvature changes within the frequency band of interest, it
is recommended that Gaussian curve of higher order will represent the function
g2 fð Þ the best.

cjk f ; uð Þ�� �� ¼ 1þ e2bu � 1
� �Xn

i¼1

Aie
� f�lið Þ2

2r2
i

 !�0:5

cjk f ; uð Þ ¼ cjk fð Þ�� ��e�j2pfto

ð20Þ

This multimodal behavior can be explained by the fact that if the stations are far
away from each other, attenuation will be significant and higher frequencies will be
filtered (single mode), whereas if the stations are close, attenuation will be sporadic
(multimode). This completes the estimation of coherency model for translational
motion.

3.2 Empirical Coherency Model for Rotational Motion

Rotational ground motions are not being measured by the accelerographs deployed.
Hence, the effect of rotational motion on structural response is largely ignored
despite the studies done by many researchers showing its significance. This lack of
consensus can be attributed to the use of different interpretations of rotation, namely
the free-field or point rotation, chord rotation, and averaged rotation. Free-field
rotation is defined as the spatial derivative of the displacement field at that instant;
chord rotation is the ratio of the difference in displacements between two closely
spaced, adjacent stations measured along a direction perpendicular to the line
joining the two stations; average rotation is the average of chord rotations of several
station pairs with one common station. A rigid foundation will filter the
high-frequency components of free-field motion, although foundations are never
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infinitely stiff. Accordingly, average rotation may be the best choice because chord
rotation is usually sensitive to separation distance and point rotation ignores the
presence of a foundation. Regardless of the choice of rotation, free-field ground
motions are in general preferred in seismic design and effect of foundation flexi-
bility is separately accounted for in a case-by-case. Theoretically, rotation does not
propagate like translational waves, and hence, it may be inappropriate to estimate
the spatial variation of rotational motion using coherency models which does not
exist theoretically. But if the rotational motion is estimated in terms of temporal
derivative of translational motion with due scaling, it is possible to estimate the
spatial variability of rotational motion completely in terms of spatial variability of
the respective translational motion. The simplified procedure for estimation of
rotational motion reported by Ref. [7] will facilitate the estimation of spatial
variability of rotational motion. The simplified procedure is based on the following
constraints: (i) plane wave propagation; (ii) existence of principal plane; (iii) either
body or surface wave dominance based on near-fault or far-field recording; (iv) with
only body wave, either incidence of only P-wave or only S-wave or both; (v) wave
dispersion or scattering; (vi) frequency-independent wave characteristics such as
incident angle, apparent wave velocity or their frequency dependency; and
(vii) point source or finite fault size with a given set of rupture information, etc.

By definition, rotational motion is a spatial derivative of appropriate translational
component (ATC), which can be converted to time derivative of that translational
motion with due scaling through apparent wave velocity as shown in Eq. (21).

€h tð Þ ¼ _a tð Þ
c

_a tð Þrocking¼ � 1
a

_ag2 tð Þ� if� _ag1 tð Þ� if� �
_a tð Þtorsion¼ _ag3 tð Þ

ð21Þ

The detailed description of extraction of rotational motion from translational
motion is beyond the scope of this study, and it can be found extensively [7].
Response spectral comparison of torsional spectra (taken from Ref. [2] which is
rigorous method and requires body wave decomposition) against the spectra of
torsional motion extracted from Ref. [7] is shown in Fig. 3a where close resem-
blance can be observed between both the spectra. Similar, comparison is shown for
rocking spectra (taken from Ref. [2]) against the derived rocking spectra in Fig. 3b
where close resemblance can be observed between both the spectra. The resem-
blance is strong in case of torsional motion, whereas it is acceptable in case of
rocking motion. Even though limited number of figures are shown here, the con-
clusion holds well for all the events.

Similar to the coherency estimation of translational motion, coherency for
rotational motion has also to be estimated. Even though rotation does not propagate
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like displacement wave does coherency for rotation can be calculated numerically
from spectral densities of rotational motion.

crjk fð Þ ¼ Srjk fð Þffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
Srjj fð ÞSrkk fð Þp

0r0 denotes rotational motion
ð22Þ

Using the principles of Fourier transform (FT) and Eq. (21), the FT of rotational
motion can be written as

(a) Torsional spectral comparison at station FA2_1 
for Event 3 

(b) Rocking spectral comparison at station FA3_5 
for Event 2 

Fig. 3 Comparison of
derived and original spectra
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Xh fð Þ ¼ X _a fð Þ
c

¼ i2pfXa fð Þ
c

ð23Þ

Xh and Xa are FTs of rotational motion and ATC. Hence, auto- and cross-spectral
densities are rewritten as

Xh;j fð Þ ¼ X _a;j fð Þ
cj

¼ i2pfXa;j fð Þ
cj

Srjj fð Þ ¼ X�
h;j fð ÞXh;j fð Þ=T ¼ 2pf

cj

	 
2
Sajj fð Þ

where Sajj fð Þ ¼ X�
a;j fð ÞXa;j fð Þ=T

ð24Þ

Similarly

Srkk fð Þ ¼ 2pf
ck

� �2

Sakk fð Þ

Srjk fð Þ ¼ 2pfð Þ2
cjck

 !
Sajk fð Þ

ð25Þ

Using Eqs. (22), (24) and (25), the coherency can be written as

crjk fð Þ ¼
2pfð Þ2
cjck

	 

Sajk fð Þffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

2pf
cj

	 
2
Sajj fð Þ 2pf

ck

	 
2
Sakk fð Þ

r

¼ Sajk fð Þffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
Sajj fð ÞSakk fð Þ

q ¼ cajk fð Þ
ð26Þ

It has been shown in Eq. (26) that coherency of rotational motion is same as that
of its ATC (translational motion), for which functional form of the coherency is
readily available in (Eq. 20).

4 Results and Discussion

4.1 LSST Array

Numerical coherency was calculated for all possible station pairs in LSST array,
and distance between them was noted. Station-pairs are divided into different bins
(of size 10 m) based on their separation distance, and numerical coherency in a
specific bin is averaged. Obtained average coherency was regressed through the
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Harichandran model [4], Hao model [3], and the proposed model to get the coef-
ficients. The lagged coherency from different models was then compared with the
numerical coherency in Fig. 4a for translational component and in Fig. 4b for
rotational component. It can be seen that the proposed model represents the
numerical coherency the best, because the proposed model can account for the
multimodal behavior. Also, it can be said that the coherency of rotational motion is
same as that of its ATC.

(a) Distance range 10–20 m Event 1 - Vertical

(b) Distance range of 20–30 m Event 3
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4.2 SMART-1 Array

Proposed coherency model is also used to fit the coherency for the data recorded at
SMART-1 array during Event 25, and the fitting is found to be satisfactory as it can
be seen in Fig. 5 for the station IO1 and MO3.

5 Conclusions

The proposed coherency model approximated the numerical coherency very well
compared to the widely used existing coherency models in case of dense LSST
array. Also, the applicability of the proposed model to the SMART-1 has been
examined and found to be satisfactory. Also, it can be seen that multimodal
behavior is significant in dense array (LSST) but not in SMART-1 array.
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Seismic Performance of a Heritage
Rubble Stone Masonry Building—
A Case Study

Hina Gupta, Debdutta Ghosh and Achal K. Mittal

Abstract The old masonry buildings in India are terribly vulnerable to lateral loads
especially the buildings lying in the high seismic zones of lower Himalayas. This
paper deals with evaluation of the seismic performance of an old unreinforced
rubble stone masonry building situated in Uttarakhand. CSIR-CBRI conducted a
study on the structural soundness of “Pant Sadan,” the official residence of the
Chief Justice of Uttarakhand. After a preliminary survey of the building, archi-
tectural plans of the building were developed. A finite element analysis was per-
formed using commercially available SAP2000 software. Linear and nonlinear
analysis is performed to assess the present strength of the old structure by com-
puting different stresses in the building under earthquake load. In the modeling, it is
assumed that the masonry structure is homogeneous and the material behavior is
nonlinear. Subsequently, the static analysis results (stresses) are compared with the
values given in masonry code (IS 1905:1987). Pushover analysis and time history
analysis for Uttarkashi earthquake (1991) is also performed to assess the perfor-
mance of building under a Himalayan earthquake. The analysis results show that
building response is satisfactory under vertical loading and shows some weak zones
for the previous seismic activities. The results of the finite element modeling will
help to predict the local and global collapse mechanisms and will reduce the seismic
risk by adopting the proper retrofitting strategy.
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1 Introduction

Masonry is composite, non-homogeneous, and anisotropic material. These build-
ings consist of stones, bricks, adobe, tiles, stucco, or precast blocks which are
bonded together with mortar. Most of the old masonry buildings are load-bearing
structures and constructed without any codal provisions.

Masonry being a heterogeneous material, its properties are dependent on many
factors like its components which have different mechanical properties, the array and
interfaces between the units, etc. Intensive research has been going on to understand
these variations in parameters of masonry construction. Homogenization techniques
for the analysis of masonry structures have been discussed by [1–4]. On the basis of
these homogenization techniques, various techniques like micro-modeling, simpli-
fied micro-modeling, and macro-modeling are widely used by different researchers.
Analyzing and strengthening of masonry and specially the old structures have
always been a challenging task because of the complex geometries, deficient
knowledge about the used materials, structural modifications and aging of material
[5]. With the development of computational methods, finite element analysis has
become the widely accepted tool for the analysis of masonry structures [6, 7]. Finite
element analysis of historical buildings in SAP2000 has been performed by [8–11].
The vulnerability of the old buildings situated in the areas of high seismic activities is
a matter of concern especially if the building is still being used. Nonlinear analysis is
emerging as a powerful tool to assess the strength of the structures under the seismic
actions [11, 12].

This paper deals with the detailed analysis of a random rubble masonry building
situated at Nainital. Detailed investigation has been carried out by a team of sci-
entists from CSIR-Central Building Research Institute (CSIR-CBRI) [13].

2 A Case Study

The building undertaken for study was constructed by Nawab Hamid Ali Khan of
Rampur State in the year 1890 and was later named as “Pant Sadan.” In 2002, it
became official residence of the Chief Justice of Uttarakhand High Court. This old
building is in distress condition and has also developed some cracks. It is a
two-storeyed load-bearing random rubble masonry building with wooden trussed
roof covered with GI sheets and wall thickness of 18″–24″. The building also has
wooden staircase and wooden flooring at first floor. Foundation type and depth are
not known and detailed engineering drawings of this old building are not available.
Some exposed foundation showed dry random rubble masonry without offset. The
building is situated in seismic zone IV of IS: 1893-2002 [14] and located on a talus
deposit lying on a sloping hill at different terraces. Some additions and alterations
have been carried out in the building as per the need. The recent photograph of the
building is shown in Fig. 1. The hill slope and deposit in the downhill, where the
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building is situated is shown in Fig. 2. The ground floor plan of the building and the
surrounding area is shown in Fig. 3.

From the visual inspection of the building, several distresses were observed, viz:

• Settlement and tilting of portico pier.
• Cracks in one circular piers of the inner room at the ground floor.
• Cracks in the masonry load-bearing wall and separation of wooden truss/support

from masonry at several locations.
• Cracked and decayed wooden roof truss members.
• Vibrations of wooden flooring during movement at the first floor level.
• Decayed wooden false ceiling at some places and separation of joints at various

locations.
• Dampness in some portion of the building.
• Sagging choukhats and separation gaps between wooden beam and masonry.

Fig. 1 Pant Sadan building

Fig. 2 Talus deposit on
downhill slope
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3 Numerical Modeling

The structure studied here is an unreinforced rubble stone masonry; hence, it is a
load-bearing structure. Being a very large structure, heterogeneous modeling of
structure is not possible. Therefore, the stone and the mortar are considered as
homogeneous units as in the macro-modeling. The floor plans (ground and first) of
the building are almost similar.

These homogeneous masonry units are analyzed as macro-model using SAP
2000 FEM numerical package [8]. The material properties for the numerical
analysis are taken from chemical analysis of stone, mortar, and wood samples
collected from the site by the CBRI team [13] and the available literature on the
similar types of material [15–17]. The properties are tabulated in Table 1.

Walls are modeled as SHELL elements while timber beams of the roofs are
modeled as FRAME elements.

The building rests on a talus deposit with about 0.8–1.2 m deep masonry strip
footing. Hence, the support condition is taken as fixed in the analysis. Building is
having GI sheet roofing supported on timber beams which are resting on masonry
walls.

Fig. 3 Ground floor plan of
Pant Sadan building

Table 1 Material properties Properties of material Value

Unit weight of masonry (kN/m3) 18.5

Prism strength of masonry, fm (MPa) 3.5

Elastic modulus of masonry, E (MPa) 1925

Shear modulus, G (MPa) 315

Poisson’s ratio, µ 0.2
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In the software model, timber beams are taken over walls and roof load is
applied. The 3D view of the modeled building is shown in Fig. 4. Values of dead
load and imposed load are taken in accordance with IS 875:1987 [18].

4 Nonlinear Analysis

The seismic analysis of building is done using nonlinear pushover and time history
method as described in the code IS 1893(Part I): 2002 [14]. The 1991 Uttarkashi
earthquake is considered for time history analysis. The present structure is analyzed
using SAP2000 software.

One of the nearby disastrous earthquake data is taken here for the study of
seismic behavior of the building in case of similar events. The time history data of
Uttarkashi earthquake, October 19, 1991, 21:23:15 (30° 78′N, 78° 77′E) which
happened at a hypocentral distance of approximately 200 km from the location of
the present building in Nainital (29° 23′N, 79° 30′E) (Fig. 5). The magnitude of the
earthquake was 7.0 on Richter scale with depth of 10 km.

The time history of the Uttarkashi earthquake is shown in Fig. 6 [19].
Both static and dynamic nonlinear analyses have been identified as powerful

tools for analysis of masonry buildings [20]. In nonlinear static or pushover anal-
ysis, the distribution of lateral forces with the height of the structure is done and the
load is increased to push the structure until an ultimate value of displacement is
reached. This analysis provides information about the peak response in terms of
storey drift, floor displacements, and other deformation quantities [21]. Similarly,
parametric studies can be done by dynamic or time history analysis.

Dead load, live load, and earthquake time history of Uttarkashi earthquake are
applied to the building, and the response of the building is observed.

Fig. 4 3D model of the
building
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5 Results

5.1 Analysis of Stresses Under Gravity Loading

The building is analyzed for the combination of dead and imposed loads.
Fundamental time period of the building for free vibration analysis is 1.893 s.

The force distribution of gravity loads is shown in Fig. 7. The structure is mostly
under compressive forces while upper and bottom corners and wall beam junctions
seem to have high concentration of tensile forces. As per IS 1905:1987, com-
pressive stresses for the given rubble stone masonry building are taken 0.25 MPa
while no tensile stresses are permitted [15]. As seen from Fig. 8, the compressive
stresses developed in the building under gravity loading are within permissible
limits while tensile stress is exceeded at a very few locations. Beam wall junctions
at the roof level, at the bottom, and at the upper corners of walls at each floor lever
are subjected to high tensile stress concentration due to combined effect of dead
load and imposed load. The maximum value of tensile stress reached is about
0.7 MPa, which is at a beam wall junction showing crack between wall and roof
which may be responsible for the cracks in the structure.

Fig. 5 Location of Nainital
and Uttarkashi [19]

Fig. 6 Uttarkashi time
history curve [19]
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Maximum value of displacement observed is about 12.8 mm under gravity
loads.

5.2 Analysis of Stresses Under Nonlinear Static Loads
(Pushover Analysis)

Figures 9 and 10 show the shell stresses for pushover analysis in X and Y direction,
respectively. The out of plane failure of the walls can be clearly observed from the
figures as the walls perpendicular to X direction are having maximum stress con-
centration for pushover in X direction and vice versa for Y direction. The increasing
value of tensile stresses in the out of plane walls is indicating the vulnerability of
the building under earthquake loads. Maximum value of top displacement observed
is about 115.3 mm in X direction while 97.4 mm in Y direction.

Fig. 7 Compressive and tensile force distribution due to gravity load
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Fig. 8 Shell stress due to gravity load (MPa)

Fig. 9 Shell stresses due to pushover in X direction (MPa)
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5.3 Analysis of Stresses Under Nonlinear Dynamic Loads
(Time History Analysis)

The structure is analyzed for the input ground motion of the Uttarkashi earthquake
to determine its seismic performance. As seen from Fig. 11, due to time history
applied for the structure, most part of the structure remains under compression
within permissible limits. Tensile stress is having high concentration at many
locations as seen from figures. This shows that structure may not be able to sustain
an earthquake of the same intensity as that of Uttarkashi and it may fail.

As seen from Fig. 12, large portion of building is subjected to a displacement
below 30 mm under the Uttarkashi earthquake while maximum displacement
observed at the top of the building is about 123.6 mm. Also, the portico piers and
area around openings are having large displacement values.

Fig. 10 Shell stresses due to pushover in Y direction (MPa)
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Fig. 11 Shell stress under Uttarkashi time history data (MPa)

Fig. 12 Displacement contours under Uttarkashi time history (in mm)
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6 Conclusions

The building is more than 100 years old and is having clear sign of distress in the
form of cracks, tilting of piers, decayed wooden structural members and false
ceiling, dampness, etc. Further, the test results of the soil samples, bedding mortar,
plaster, and wooden samples also show that the building is not in good condition.

The cracks observed from visual inspection are in good agreement with the
stress concentration observed from the analysis of finite element model under
gravity loading. The results of pushover and time history analysis show that the
building is vulnerable during large intensity earthquake. Therefore, adequate repair
and rehabilitation works are necessary to make it earthquake resistant.

Acknowledgements The authors are grateful to team of CBRI staff associated with Pant Sadan
project for providing the details of the visual inspection of the building.
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Part II
Vibration Control and Smart Structures



Seismic Vibration Control for 20-Story
Nonlinear Benchmark Building Installed
with Shape Memory Alloy Damper

Raghav Moyade and Suhasini Madhekar

Abstract This paper presents a passive control strategy for 20-story nonlinear
benchmark building using Shape Memory Alloy (SMA)-based damper. The
problem for seismically excited nonlinear benchmark buildings was published with
a goal to provide a clear basis to evaluate the relative merits of various passive,
active, or semi-active structural control strategies on seismically excited building.
The benchmark problem considers various levels of each of the earthquake records
including 0.5, 1.0, and 1.5 times the magnitude of El Centro (1940) and Hachinohe
(1968); and 0.5 and 1.0 times the magnitude of Northridge (1994) and Kobe (1995).
This makes a total of 10 earthquake records to be considered in the evaluation. The
passive control uses a Shape Memory Alloy (SMA)-based device which uses the
superelasticity property of SMAs. The SMA wires show hysteresis properties with
large recoverable strains which can dissipate energy from the structures. Improved
Graesser and Cozzarelli model for SMA wire is used for mathematical modeling of
SMAs in MATLAB and Simulink. Six different configurations are used for damper
placement. The evaluation results show that SMA-based damper is able to reduce
the base shear criteria of the structure effectively. The damper is also able to reduce
the occurrence of number of plastic connections in most of the earthquake cases. It
also controlled the ductility and dissipated energy criteria effectively. Overall,
studying all the evaluation criteria it can be concluded that Shape Memory Alloy
damper as a passive device can reduce the responses of the structure moderately
and can be used for seismic vibration control.

Keywords Benchmark problem � Passive control � Shape memory alloys
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1 Introduction

Structural vibration control has become more popular recently, and new smart
materials are emerging which are used in dampers. One such smart material is
Shape Memory Alloy. SMAs have found applications in civil structures due to their
energy dissipation, high fatigue life, superior ductility, and large recoverable
strains.

SMA dampers have potential to withstand severe earthquakes efficiently. In
general, Shape Memory Alloy-based dampers can reduce permanent deformations
in the structure. They can also reduce the plastic deformations and can dissipate
large amount of seismic energy.

At a higher temperature, SMAs exhibit the superelasticity. In the superelastic
phase, SMAs are initially austenitic. However, upon loading, stress-induced
martensite is formed. Upon unloading, the martensite reverts to austenite at a lower
stress level, resulting in the hysteretic behavior. These properties make them ideal
candidates for seismic energy dissipation devices in structural engineering.

2 Twenty-Story Nonlinear Benchmark Problem

The 20-story nonlinear benchmark problem, Ref. [1], used for this studywas designed
for the Los Angeles region. The benchmark building is 30.48 m � 36.58 m in plan
and 80.77 m in height. Two far-field and two near-field historical ground motion
records are selected: EI Centro 1940, Hachinohe 1968, Northridge 1994, and Kobe
1995. This benchmark study considers various levels of each of the earthquake
records including 0.5, 1.0, and 1.5 times the magnitude of EI Centro and
Hachinohe; 0.5 and 1.0 times the magnitude of Northridge and Kobe. Thus, in all
ten earthquake records are considered in the evaluation of each control strategy.

2.1 Evaluation Criteria

The evaluation criteria (J1–J17) are divided into four categories: building responses
(J1–J6), building damage (J7–J10), control devices (J11–J14), and control strategy
requirements (J15–J17).

Various criteria considered are Interstory Drift Ratio (J1); Level Acceleration (J2);
Base Shear (J3); Normed Interstory Drift Ratio (J4); Normed Level Acceleration (J5);
Normed Base Shear (J6); Ductility (J7); Dissipated Energy (J8); Plastic Connections
(J9); NormedDuctility (J10); Control Force (J11); ControlDevice Stroke (J12); Control
Power (J13); Normed Control Power (J14); Control Devices (J15); Sensors (J16); and
Computational Resources (J17). The computational resources are ignored in this study
assuming enough computing resources are available. As the damper used in present

332 R. Moyade and S. Madhekar



study is passive device, the criteria J13, J14, and J16will be zero. The evaluation criteria
are defined as below:

J1 Interstory Drift Ratio

J1 ¼ max El Centro
Hachinohe
Northridge

Kobe

max
t; i

di tð Þj j
hi

dmax

8><
>:

9>=
>; ð1Þ

J2 Level Acceleration

J2 ¼ max El Centro
Hachinohe
Northridge

Kobe

max
t; i

€xai tð Þj j
€xmax
a

8><
>:

9>=
>; ð2Þ

J3 Base Shear
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Northridge
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P
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8><
>:

9>=
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J4 Normed Interstory Drift Ratio

J4 ¼ max El Centro
Hachinohe
Northridge
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t; i

di tð Þk k
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dmaxk k

8><
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9>=
>; ð4Þ

J5 Normed Level Acceleration
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J5 ¼ max El Centro
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J7 Ductility Factor

J7 ¼ max El Centro
Hachinohe
Northridge

Kobe

max
t; j

uj tð Þj j
uyj

umax

8><
>:

9>=
>; ð7Þ

J8 Dissipated Energy of the Curvatures at the End of Members
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J9 Plastic Connections
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Hachinohe
Northridge
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J10 Normed Ductility

334 R. Moyade and S. Madhekar



J10 ¼ max El Centro
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J12 Control Device Stroke
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J13 Control Power

J13 ¼ max El Centro
Hachinohe
Northridge

Kobe

max
t

P
Pl tð Þ

_xmaxW

8><
>:

9>=
>; ð13Þ

J14 Normed Control Power
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J15 Number of Control Devices
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J16 Number of Required Sensors
J17 Computational Resources

where the norm �k k is computed using the following equation:

�k k ¼

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1
tf

Ztf
0

�½ �2dt

vuuut ð15Þ

3 Modeling of Shape Memory Alloy-Based Damper

Various models have been proposed for modeling superelasticity property of shape
memory alloys. All these models can simulate hysteresis behavior of SMAs. Over
the time, superior models have been developed to represent more accurate behavior
of SMAs. Ozdemir in year 1976 was the first to model hysteretic properties of
SMAs. His model was modified by Graesser and Cozzarelli [2] named as modified
Ozdemir’s model. Wilde et al. [3] modified the Graesser and Cozzarelli model to
include strain hardening effect which means strengthening of metal by plastic
deformation due to dislocation in the crystal structure of the material. The present
study adopts model by Qian et al. [4] which is an improved Graesser and Cozzarelli
model [2] and takes into account the strain hardening effect.

Based on the improved Graesser and Cozzarelli model of SMA wire proposed by
Qian et al., differential equations for the model are given as follows:

_F ¼ K0 _x� _xj j F � B
Bc

����
����
n�1ð Þ F � B

Bc

� �" #
ð16Þ

B ¼ K0 a xin þ fT xj jc erf axð Þ u �x _xð Þ½ �f
þ fm x� xmf sgn xð Þ½ �m
� uðx _x½ � u xj j � xmfð Þ½ �g

ð17Þ

where F is restoring force; x is relative interstory displacement; _x is the relative
interstory velocity; Bc is the force triggering the forward transformation from
austenite to martensite phase; _F is the time derivative of the restoring force; n is the
constant that controls sharpness of transition between elastic and plastic phases; a is
the constant controlling the slope of stress–strain curve in the inelastic range; B is
the back force; fT is the constant to control the type and size of hysteresis; c is the
slope of unloading stress plateau; a is the constant controlling the amount of elastic
recovery during unloading; fm and m are the material constants controlling the
martensitic hardening curve, and xmf is the martensitic finish strain. xin is the
inelastic displacement which is given by
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xin ¼ x� F
K0

ð18Þ

u() is the unit step function, defined as

u xð Þ ¼ þ 1; x� 0
0; x\0

�
ð19Þ

erf() is the error function, defined by

erf xð Þ ¼ 2ffiffiffi
p

p
Zx

0

e�t2dt ð20Þ

sgn() is the signum function, given by

f ðxÞ ¼ f ðxÞ ¼
þ 1; x[ 0
0; x ¼ 0
�1; x\0

8<
: ð21Þ

The parameters used for the SMA damper are: K0 = 940 N/mm; Bc = 360 kN;
a = 0.01; fT = 0.34; c = 0.0001; a = 2500; n = 5; xmf = 0.015; fm= 100,000; and
m = 3. The SMA wires are given a prestrain of 3% for better dissipation of energy.

Six different configurations for damper placement were chosen in this study
which are represented in Fig. 1. These configurations were selected according to
Heuristic approach, in which various combinations were studied for reduction of
responses and dampers were placed in accordance with it. Main criterion for placing
the dampers was to reduce overall responses for maximum number of considered
earthquakes.

Fig. 1 Different cases for damper placement for 20-story benchmark problem
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4 Results from the Simulations

Table 1 presents the percentage reduction in evaluation criteria (minimum and
maximum) with number of earthquakes sustained for all six cases. Table 2 presents
the evaluation criteria for Case 6. The bold values in this table represent evaluation
criteria value less than one, and the particular criteria sustained for that earthquake
intensity. Values less than one are desirable.

Graphs presented in Fig. 2 show the time histories and maximum drift ratios for
all floors of four earthquakes considered for intensity 1.0. Responses for both:
uncontrolled and controlled simulations are shown in Fig. 2.

5 Discussions and Conclusions

From the evaluation criteria obtained for the SMA damper for all six cases, it is
clear that the Case 6 showed least values of evaluation criteria among all six cases.
Case 4 performed the worst among all cases as it made the lower part of the
building more stiff giving higher responses to the earthquake. Case 2 reduced peak
acceleration effectively than any other case as it provided damping at the top stories.
Case 3 reduced the base shear and drift of the structure as it had all the dampers in
lower half of the structure.

Case 6 increased the ductility of the structure better than any other case. Energy
dissipated from yielding was also reduced in this case. This case also reduced the
number of connections going in plastic state. Case 6 reduced the responses of all ten
earthquakes considered, for four evaluation criteria as seen in Table 1.

Table 2 Evaluation criteria for Case 6 of SMA damper

Earthquake El Centro Hachinohe Northridge Kobe Max

Intensity 0.5 1 1.5 0.5 1 1.5 0.5 1.0 0.5 1.0

J1 0.971 0.946 0.947 0.910 0.985 0.997 1.079 0.999 1.026 0.893 1.079

J2 1.097 0.982 0.994 1.369 0.969 1.058 1.018 0.931 1.053 1.022 1.369

J3 0.733 0.814 0.929 0.866 0.903 0.936 0.986 0.991 0.969 0.986 0.991

J4 0.839 0.991 0.962 1.048 1.033 1.023 0.938 1.130 0.955 0.750 1.130

J5 0.895 0.942 0.957 0.989 0.965 0.965 0.990 0.989 0.962 0.963 0.990

J6 0.681 0.964 0.983 0.773 0.897 0.927 0.869 0.957 0.943 0.963 0.983

J7 0.872 0.920 0.935 0.936 0.927 0.933 0.944 1.016 0.997 0.859 1.016

J8 – – 0.826 – – 0.662 0.799 0.993 0.866 0.965 0.993

J9 – – 0.651 – – 0.837 0.958 0.969 0.949 1.000 1.000

J10 0.744 0.990 0.949 0.940 0.934 0.926 0.809 1.128 1.147 0.718 1.147

J11 0.003 0.003 0.003 0.003 0.003 0.003 0.003 0.003 0.003 0.003 0.003

J12 0.089 0.087 0.088 0.066 0.072 0.074 0.095 0.106 0.163 0.140 0.163

J15 10 10
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Fig. 2 Time histories and maximum drift ratios for all four earthquakes of intensity 1.0
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For theCase 6 evaluation criteria, Peak drift criteria (J1)was reduced by 0.1–10.7%
for eight earthquakes; Peak level acceleration (J2) was reduced by 0.6–6.9% for four
earthquakes; Peak base shear (J3) was reduced by 0.9–26.7% for all ten earthquakes;
Normed drift (J4) was reduced by 0.9–24.2% for six earthquakes; Normed level
acceleration (J5) was reduced by 0.5–14% for all ten earthquakes; Normed base shear
(J6) was reduced by 1.7–33.5% for all ten earthquakes; Ductility (J7) was reduced by
0.3–14.1% for nine earthquakes; Dissipated energy (J8) was reduced by 0.7–33.8%
for six earthquakes; and Plastic connections (J9) was reduced by 3.1–34.9% for five
earthquakes; and Normed ductility (J10) was reduced by 1–25.4% for eight earth-
quakes. Strong column andweak beamwere used for the structure hence beamswould
fail first. Beams showed more curvature due to higher acceleration and displacement.
More energy was dissipated from higher intensity earthquakes than the lower ones.
Responses for the far-field earthquakes El Centro and Hachinohe were controlled
better than near-field earthquakes Northridge and Kobe.

Overall, studying all the evaluation criteria it can be concluded that Shape
Memory Alloy damper as a passive device can reduce the responses of the structure
moderately. It can reduce the base shear effectively for any class of earthquake.
Energy dissipation and ductility are increased for most of the cases. Occurrences of
number of plastic hinges have been reduced for most of the earthquakes. The
amount of energy dissipated through structural yielding is reduced substantially.
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Inelastic Seismic Behaviour
of Asymmetric RC Buildings Using Base
Shear and Torque (BST) Surface

Rushikesh M. Raut and Suhasini N. Madhekar

Abstract The eccentricity between centre of mass and centre of stiffness produces
torsion in asymmetric buildings during earthquakes. In this paper, the inelastic
seismic behaviour of asymmetric-plan buildings is studied by using the base shear
and torque (BST) surface. BST surface represents all combinations of base shear
and torque when applied statically, leading to collapse of the structure. BST surface
is a useful tool for the seismic analysis of asymmetrical buildings.

Keywords Asymmetric building � BST surface � Inelastic � Seismic

1 Introduction

Base shear and torque (BST) surface represents all combinations of base shear and
torque when applied statically, leading to collapse of the structure. BST surface is
divided into two regions.

Interior—combinations of the base shear and torque representing elastic behaviour
of the structure.
Exterior—containing statically inadmissible base shear and torque combination.

The BST surface is the boundary between these two regions as shown in Fig. 1.
All the inelastic action of system takes place on the boundary of this surface. De la
Llera and Chopra [1] have presented equations to draw BST surface.

Nineteen number of (One symmetric in plan, six uniaxial asymmetric in plan and
twelve biaxial asymmetric in plan) G+3 storey RCC buildings have been analysed
using BST surface. The buildings have plan dimensions of 22.5 m � 22.5 m and bay
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width of 4.5 m. as shown in Fig. 2. The RCC buildings have been designed as per IS
456 (2000)

2 Developing the BST Surface

BST surface gives the ultimate value for base shear and torque combination; thus, the
ultimate shear strength of resisting planes is required. To draw the BST surface, fol-
lowing equations are givenbyDe laLlera andChopra [2]. The equations are as follows,

ð1Þ

Fig. 1 BST surface showing
interior and exterior regions

Fig. 2 Plan for typical floor
of G+3 storey RCC
symmetric building
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where

1. cVx ¼ Vx=Vxo is the normalized storey shear in the x-direction; Vxo ¼
PM

i¼1 f
ðiÞ
x is

the lateral capacity of the storey in the x-direction; fx(i) is the capacity of the ith
resisting plane in x-direction, and M is the number of resisting planes in
x-direction.

2. Vyo ¼
PN

i¼1 f
ðiÞ
y is the lateral capacity of the storey in the y-direction; fy(i) is the

capacity of the ith resisting plane in y-direction, and N is the number of resisting
planes in y-direction.

3. Vyc is the capacity of the resisting planes in the y-direction passing through the
centre of mass (C. M.) of the system.

4. To ¼
PN

i¼1 f ðiÞy xðiÞ
�

�

�

�

�

�þ PM
i¼1 f ðiÞx yðiÞ

�

�

�

�

�

� is the torsional capacity of the system.

5. Tɹ =
PM

i¼1 f
ðiÞ
x yðiÞ is the torque provided by the resisting planes in the orthogonal

direction.

6. Xp ¼
PN

i¼1 f
ðiÞ
y xðiÞ=Vyo is the strength eccentricity or first moment of strength.

7. Vyu ¼
P
N

i¼1
i6¼2

fyðiÞxðiÞ= xðiÞ
�

�

�

� is donated as strength imbalance in the storey.

2.1 BST Surface for Symmetric RCC Building in Plan

BST surface for symmetric G+3 storey building is drawn by using Eq. (1). The
building has plan dimensions of 22.5 m � 22.5 m and bay width of 4.5 m and its
BST surface is as shown in Fig. 3. The building has been designed as per IS 456
(2000). The column sizes are in the range of 400 mm � 400 mm to 550 mm
550 mm after designing. For achieving symmetry in both X- and Y-directions, the
columns are taken as square in size of dimensions 600 mm � 600 mm. The per-
centage reinforcement provided in all columns is 0.8%. Hence for 0.8% rein-
forcement and M 25 grade concrete, shear stress is worked out as 0.57 N/mm2

(IS 456, 2000). Shear strength of one column is calculated as
f = 0.57 � 600 � 600 � 10−3 = 205.2 kN.
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typical floor of G+3 storey
RCC symmetric building
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2.2 BST Surface for Uniaxial Asymmetric RCC
Building in Plan

Six asymmetric buildings are considered for the analysis. The asymmetry is
introduced by changing the shear strength of columns by gradually increasing the
sizes of some columns from 600 mm � 600 mm to 900 mm � 900 mm.

1. The asymmetric building No. 1 has five lines of columns with column sizes of
600 mm � 600 mm (not selected columns in Fig. 4) and remaining one line of
columns with column sizes of 700 mm � 700 mm (selected columns in Fig. 4).
The Centre of Mass (C. M.) is at (11.25, 11.25 m). Centre of Stiffness (C. S.) is
at (12.65, 11.25 m); thus, percentage asymmetry produced is 6.22%. The shear
strength of columns of size 700 mm � 700 mm is calculated similar to that of
column size 600 mm � 600 mm; f = 0.57 � 700 � 700 � 10−3 = 279.3 kN.
The BST surface for this building is shown in Fig. 5.

2. The considered asymmetric building No. 2 has four lines of columns with
column sizes of 600 mm � 600 mm (not selected columns in Fig. 6) and
remaining two lines of columns with column sizes of 700 mm � 700 mm
(selected columns in Fig. 6); hence, percentage asymmetry produced is 8.85%.
The BST surface for this building is shown in Fig. 7.

In the similar way, column dimensions are configured for columns of dimen-
sions 800 mm � 800 mm and 900 mm � 900 mm. All uniaxial asymmetric
buildings from building No. 3 to building No. 6 have been analysed using BST
surface. The BST surface of each uniaxial asymmetric building (No. 1 to No. 6) is
superimposed on BST surface of symmetric building (Fig. 3) as shown in Fig. 8.

Fig. 4 Plan for typical floor
of G+3 storey RCC uniaxial
asymmetric building
No. 1 with 6.22% asymmetry
in plan
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Fig. 6 Plan for typical floor
of G+3 storey RCC uniaxial
asymmetric building
No. 2 with 8.85% asymmetry
in plan
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2.3 BST Surface for Biaxial Asymmetric RCC Building
in Plan

Twelve G+3 storey biaxial asymmetric buildings in plan are considered for the
analysis. The asymmetry is introduced by changing the shear strength of columns
by gradually increasing the sizes of some columns from 600 mm � 600 mm to
900 mm � 900 mm.

1. The biaxial asymmetric building No. 1 is shown in Fig. 9 with column sizes of
600 mm � 600 mm (not selected columns in Fig. 9) and column sizes of
700 mm � 700 mm (selected columns in Fig. 9); thus, percentage asymmetry
produced in X- and Y-directions, respectively, is 4.70% and 4.70%. The BST
surface for this building is shown in Fig. 10.

2. The biaxial asymmetric building No. 2 is shown in Fig. 11 with column sizes of
600 mm � 600 mm (not selected columns in Fig. 11) and column sizes of
700 mm � 700 mm (selected columns in Fig. 11); thus, percentage asymmetry
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Fig. 9 Plan for typical floor
of G+3 storey RCC biaxial
asymmetric building
No. 1 with 4.7% asymmetry
in plan in each direction
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building No. 1 with 4.70%
asymmetry in plan in each
direction

Fig. 11 Plan for typical floor
of G+3 storey RCC biaxial
asymmetric building
No. 2 with 5.14% asymmetry
in plan in each direction
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produced in X- and Y-directions, respectively, is 5.14% and 5.14%. The BST
surface for this building is shown in Fig. 12.

In the similar way, column dimensions are configured for columns of dimen-
sions 800 mm � 800 mm and 900 mm � 900 mm. All biaxial asymmetric
buildings from building No. 3 to building No. 6 have been analysed using BST
surface. The BST surface of each biaxial asymmetric buildings No. 1 to No. 6 is
superimposed on BST surface of symmetric building (Fig. 3) as shown in Fig. 13.

3. The biaxial asymmetric building No. 7 is shown in Fig. 14 with column sizes of
600 mm � 600 mm (not selected columns in Fig. 14) and column sizes of
700 mm � 700 mm (selected columns in Fig. 14); thus, percentage asymmetry
produced in X- and Y-directions, respectively, is 4.70%, 4.70%. BST surface for
this building is shown in Fig. 15.

4. The biaxial asymmetric building No. 8 is shown in Fig. 16 with column sizes of
600 mm � 600 mm (not selected columns in Fig. 16) and column sizes of
700 mm � 700 mm (selected columns in Fig. 16); thus, percentage asymmetry
produced in X- and Y-directions, respectively, is 5.14%, 5.14%. BST surface for
this building is shown in Fig. 17.

Fig. 14 Plan for typical floor
of G+3 storey RCC biaxial
asymmetric building
No. 7 with 4.7% asymmetry
in plan in each direction

-80000
-60000
-40000
-20000

0
20000
40000
60000
80000

-10000 -5000 0 5000 10000

T
or

qu
e 

(k
N

m
)

Base Shear (kN)

Biaxial Asymmetric 7Fig. 15 BST surface for
typical storey of G+3 storey
RCC biaxial asymmetric
building No. 7 with 4.70%
asymmetry in plan in each
direction

Inelastic Seismic Behaviour of Asymmetric RC Buildings … 351



In the similar way, column dimensions are configured for columns of dimen-
sions 800 mm � 800 mm and 900 mm � 900 mm. All biaxial asymmetric
buildings from building No. 9 to building No. 12 have been analysed using BST
surface. The BST surface of each biaxial asymmetric building No. 7 to No. 12 is
superimposed on BST surface of symmetric building (Fig. 3) as shown in Fig. 18.

3 Conclusions

1. BST surface gives ultimate values of base shear and torque which give an
approximate perception to the designer about strength of building with respect
to base shear and torque.

2. As the asymmetry in building increases, the orientation of BST surface changed
making it skewed, compared to BST surface of symmetric building.

Fig. 16 Plan for typical floor
of G+3 storey RCC biaxial
asymmetric building
No. 8 with 5.14% asymmetry
in plan in each direction
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3. The orientation of BST surface for asymmetric buildings explains that building
rotates about those columns, which have higher strength than other columns.

4. Shape of BST surface shows whether building is symmetric or not.
5. Base shear values from linear static or dynamic analysis can be used to find

ultimate value of torque by plotting that base shear value on BST surface.
6. By simply calculating the shear strength of building columns, behaviour of any

building can be understood by drawing the BST surface.
7. Even without static or dynamic nonlinear analysis, it is possible to compare the

expected seismic performance of different structural configurations based on
BST surface.
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Seismic Retrofitting Using the Concept
of Coupling Two Adjacent Buildings

M. Abdeddaim, A. Ounis, S. D. Bharti and M. K. Shrimali

Abstract Among various retrofitting strategies, use of semi-active control for
retrofitting a building structure has gained momentum in recent years. One of the
techniques for such retrofitting is to connect a weaker building to an adjacent
stronger building by semi-active devices, so that performances of weaker building
are significantly improved for seismic forces. In this paper, a ten-storey weaker
building is connected to an adjacent stronger building using magneto-rheological
(MR) dampers, for primarily improving the performance of the weaker building in
terms of displacement, drift and base shear. The results show that there exists a
fundamental frequency ratio between the two buildings for which maximum control
of the weaker building response takes place with no penalty on the stronger
building. There exists also a fundamental frequency ratio where control of the
weaker building response is achieved at the expense of the amplification in the
stronger building.
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1 Introduction

During the lifetime of a building, it can be exposed to several events before the
earthquake occurs. Such pre-earthquake events can make the building weaker as
compared to a newly built building; such events can be fatigue, previous earth-
quakes or corrosion. The retrofitting of weaker buildings is an important process
especially in high seismic activity zones; this can be a temporary solution to avoid
further damages or a permanent solution to upgrade the seismic performance up to a
certain level depending on the degree of weakness in the building. The dynamic
properties of the damaged building can be greatly changed, thereby generating large
displacement, which were not envisaged during the design stage.

A lot of seismic retrofitting technics were introduced during recent years; the use
of control devices is one of the most widespread methods for seismic retrofitting.
They are basically three types of control devices, which are active, passive and
semi-active [1]. Any combination between those three types will be named as
hybrid control [2]. The principal aim of those retrofitting technics is to upgrade the
behaviour of existing buildings to satisfy new seismic code requirements. Passive
devices were introduced for seismic retrofitting in the early 1990s [3]. Passive
devices do not need external energy to develop the control force, and it never
destabilizes the structure. This motivated researchers to give more importance to
this new retrofitting device [4–9]. However, they have low adaptability to change of
external loading conditions or usage patterns used in their design. Active control
devices are very adaptive different to load cases and usage patterns [10–12].
However, the external energy consumption is still one of the major problems of this
kind of devices. This leads other researchers to use semi-active devices that have
the advantage of combining passive and active characteristics; those devices use a
small source of energy that can be supplied by a battery, avoiding any problem in
the case of power cut [13]. Magneto-rheological (MR) dampers are considered as
semi-active devices and are widely used in structural vibration control in both civil
and mechanical fields [14–16].

The semi-active coupled building strategy is a new control strategy introduced
during recent years. The main idea behind this strategy is to couple two or more
adjacent buildings using a number of semi-active magneto-rheological
(MR) dampers to reduce the response of the coupled system. The investigations
of such control strategies were conducted by many researchers for reducing the
whipping effects [17] and also for reducing the seismic responses of different
height, coupled buildings [18–20]. The coupling strategy was also investigated for
pounding reduction between adjacent coupled buildings [21].

All the researches published on coupled buildings using a semi-active device
were focusing on response reduction of strong coupled buildings. None of the
studies cited previously examined the case of weak buildings, especially for ret-
rofitting a weak building by coupling it with an adjacent stronger building. In this
paper, the efficiency of coupling strategy using MR damper is investigated for the
retrofitting of a weak building connected to a strong building.
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2 Dynamic Modelling of the Coupled System

It is assumed that the controlled responses of both structures remain in the elastic
range. The governing equation of motion of the coupled system shown in Fig. 1 is
expressed as:

M½ � €xf gþ Cd½ � _xf gþ K½ � xf g ¼ C½ � fmf g � M½ � r½ � €xg
� � ð1Þ

where M, K and Cd, are mass, stiffness and damping matrices of the coupled
system; fm is the vector of the input force produced by the MR damper; C is the
damper location matrix which duly takes into account the control force applied to
the buildings; r is an influence coefficient vector which contains elements equal to
unity; €xg is the ground acceleration and €x; _x and x are, respectively, the system
acceleration, velocity and displacement vectors.

The governing Eq. (1) can be written in state-space form as:

_zf g ¼ A½ � zf gþ B½ � uf g ð2Þ

yf g ¼ C½ � zf gþ D½ � uf g ð3Þ
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Fig. 1 Dynamic modelling
of coupled system

Seismic Retrofitting Using the Concept of Coupling … 357



2.1 Dynamic Model of MR Damper

In this study, phenomenological model proposed by Spencer et al. is modelled in
MATLAB to simulate the dynamic behaviour of MR damper based on the Bouc–
Wen modified model [22]. The equations governing the force predicted by this
model are:

f ¼ c1 _yþ k1ðx� x0Þ ð4Þ

_y ¼ 1
c1 þ c0ð Þ þ ðazþ c0 _xþ k0ðx� yÞÞ ð5Þ

_z ¼ �c _x� _yj jz zj jn�1�bð _x� _yÞ zj jn þAð _x� _yÞ ð6Þ

a ¼ aa þ abu ð7Þ

c1 ¼ c1a þ c1bu ð8Þ

c0 ¼ c0a þ c0bu ð9Þ

_u ¼ �gðu� vÞ ð10Þ

In Eqs. (4)–(10), the accumulator stiffness is represented by k1, and the viscous
damping observed at large and low velocities is represented by c0 and c1, respec-
tively; k0 is present to control the stiffness at large velocities; and x0 is the initial
displacement of spring k1 associated with the nominal damper force due to the
accumulator; c, b and A are hysteresis parameters for the yield element; a is the
evolutionary coefficient. Equation (10) represents a first-order filter used to simulate
rheological equilibrium and driving the electromagnet in the MR damper, where the
force is dependent on the voltage applied to the current driver in Eqs. (7)–(9).

3 Numerical Study

A system of two adjacent buildings is considered, and each building has ten storeys
and considered as a shear building. One building is stronger, and the other is
assumed to be weaker; reduced stiffness of the weaker building is uniform along the
height. Both structures remain in the elastic range during the vibrations. For this
study, two cases of stronger building are considered: one is flexible, and the second
one is rigid. For both cases, stiffness remains the same but masses vary. Three cases
of weaker building are considered. The weaker buildings have reduced stiffness
compared to strong building. Three reductions in stiffness for the weaker building
are considered, namely 40, 30 and 20%. A stiffness proportional damping is
assumed for both buildings with the damping ratio equal to 5%. Table 1 shows the
natural frequencies of the stronger and weaker buildings, respectively.
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The two buildings were coupled using MR dampers installed at different loca-
tions (Fig. 1). Three damper locations are investigated as (i) one damper used at the
top floor, (ii) three dampers used, at the first, middle and top floors and (iii) five
dampers used, at the first, third, fifth, seventh and top floors. The MR dampers are
driven by a passive control strategy.

The two buildings were subjected to Northridge earthquake record, 1994, with
the PGA scaled to 0.2 g. The numerical analysis was performed using a MATLAB
Simulink diagram, and the equation of motion was solved using the state-space
toolbox, based on Runge–Kutta solver. Six study cases are considered in order to
create different ratios of fundamental periods (stronger/weaker defined by d):

– Case I: weaker building (40% stiffness loss) coupled with stronger flexible
building (d = 1.29),

– Case II: weaker building (40% stiffness loss) coupled with stronger rigid
building (d = 1.75),

– Case III: weaker building (30% stiffness loss) coupled with stronger flexible
building (d = 1.20),

– Case IV: weaker building (30% stiffness loss) coupled with stronger rigid
building (d = 1.62),

– Case V: weaker building (20% stiffness loss) coupled with stronger flexible
building (d = 1.12),

– Case VI: weaker building (20% stiffness loss) coupled with stronger rigid
building (d = 1.51).

The responses investigated are the maximum top floor displacement (Dmax), the
maximum base shear (Vbase) and the maximum drift (Dmax). The percentage vari-
ations in responses quantities of interest with the frequency ratio for different cases
are shown in Figs. 2, 3 and 4.

From the Figs. 2, 3 and 4, it is observed that the maximum response reduction of
the weaker building can be achieved for a particular response quantity of interest at
a particular frequency ratio. However, higher reductions in responses are obtained
at relatively higher frequency ratios. Further, it is observed that for certain fre-
quency ratios, the reduction in response of the weaker building is obtained at the
expense of response amplification in the stronger building. It is also worth noting

Table 1 Natural frequencies of the stronger and weaker buildings

Frequency (Hz) Stronger building Weaker building

Flexible Rigid 40% weaker 30% weaker 20% weaker

f1 1.00 1.35 0.77 0.83 0.89

f2 2.98 4.02 2.30 2.49 2.66

f3 4.88 6.59 3.78 4.08 4.37

f4 6.67 8.99 5.16 5.58 5.96

f5 8.29 11.1 6.42 6.93 7.41
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that, for frequency ratios at which optimum response reduction for weaker building
takes place, a reduction in response of stronger building is also attained, nonetheless
small it may be.

It is observed from the figures that out of the three responses quantities of
interest, the maximum reduction in base shear response is minimal for the weaker
building. The corresponding reduction in the base shear of the stronger building is
always more than the weaker building.
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Fig. 2 Percentage variation in (Dmax) with respect to frequency ratio under Northridge
earthquake, 1994
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For the reduction in maximum drift, the pattern of variation remains the same as
that of the displacement; the maximum reduction in response in the weaker building
is always more, compared to that of the stronger building.

The number of dampers used to couple the two buildings also has significant
effect on the reduction of response for the weaker building; better response
reduction for weaker building is obtained with greater number of dampers.

The reason for relatively less reduction, even amplification, of response of the
stronger building for certain frequency ratios is that it is stiffer than the weaker one.
As a result, the weaker building shares some stiffness of the stronger building due to
the coupling effect and, thereby, undergoes less vibration compared to the uncou-
pled state of vibration. Moreover, the MR dampers as connectors between the two
buildings dissipate seismic energy leading to less energy input due to the excitation,
and hence, less vibration of the buildings takes place. Consequently, the weaker
building always has reduction in the response quantities. On the other hand, there is
a loss of stiffness in the stronger building due to sharing effect making it more
flexible, and therefore, its response increases compared to the uncoupled state of
vibration. However, there is a counteracting effect because of the dissipation of
energy in the MR dampers. The net result is to decrease the reduction of response,
and if the stronger building is flexible, this may even amplify the response rather
than controlling it.
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4 Conclusion

The effectiveness of coupling weaker building with a stronger building is investi-
gated for retrofitting the weaker building. The two buildings are coupled using
different numbers of MR dampers. It is observed that the coupling strategy is very
effective in retrofitting weaker building in terms of displacement, base shear and
drift responses. The coupling strategy is also effective in reducing the possibility of
pounding between two adjacent buildings. Results of the numerical study lead to
the following conclusions:

– Coupling a stronger building with a weaker building can be very effective for
retrofitting the weaker building; knowing the ratio of the fundamental frequency
between the two buildings, a rational decision can be made whether coupling
strategy would be effective.

– In general, it is found that coupling a weaker building with a rigid stronger
building decreases the response of both the weaker and stronger buildings, while
coupling a weaker building with a flexible stronger building decreases the
response of the weaker building at the expense of the increase in response of the
stronger building; there exists a fundamental frequency ratio between the two
buildings that provides the optimal results.
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Seismic Response Control of Smart
Base-Isolated Benchmark Building
Using Hybrid Control Strategy (Viscous
Fluid Damper with MR Damper)

Rini Dey and Purnachandra Saha

Abstract Building structures are more susceptible to the ground motion and
caused high level of damage to the lives and properties. Hence, the safety
parameters and the serviceability have to be maintained by reducing the induced
seismic effect on the building structure. The benchmark problem on smart
base-isolated benchmark building developed evaluation criteria to compare among
the control strategies along with the supplementary devices. A hybrid control
strategy consists of semi-active MR damper and passive viscous fluid damper
(VFD) which have been proposed in this study for seismic response control of smart
base-isolated benchmark building. A set of numerical simulation has been per-
formed in the MATLAB for the specified seven historical earthquakes to investigate
the effectiveness of the hybrid control systems for the benchmark problem. The
evaluation criteria of the benchmark building of the two control strategies,
(a) semi-active system composed of MR damper with Bouc–Wen model and
(b) hybrid system composed of MR damper with VFD. From this study, it has been
perceived that hybrid control system consisting of MR damper with nonlinear VFD
is more robust than the other considered control system.
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1 Introduction

Base isolation is a technique where the structure is uncoupled from base affected by
the horizontal component of earthquake excitation; it is utilized to extricate the
force coming from the ground to the structure at the base by proving a flexible
device which is enable to lengthen the natural time period of the structure and
dissipate the energy by damping. Although a purpose of the base isolation tech-
nique is to reduce the forces in the structure due to the random and for near-fault
excitation forces. It also increases the displacement responses of the structure. In
those cases, semi-active control cannot ensure the displacement response and the
safety factor of the structure. Hybrid control system is the ideal one to mitigate the
excess displacement response of the structure with the fact of the adaptive control
nature of a semi-active device and a reliability of a passive device by its inherent
damping nature in the absence of external power resource.

Henceforth, a parametric study has been performed to obtain the optimized value
which can ensure the supplement damping of the isolation system to reduce dis-
placement and base shear of the structure. In recent studies, base isolation system
such as sliding and elastomeric bearing system is provided to control the structural
response but it increases the base displacement response for near-fault ground
motion.

Henceforth, to mitigate the displacement response nonlinear devices like MR
damper have been initiated; in recent studies due to strong earthquakes, engineers
and researchers are keen to find much efficient and reliable methods of vibration
control during strong earthquake motion. Methods like hybrid control are devel-
oped in this study to have direct research attention on the control system.

In this study, VF damper and MR damper have been employed as a hybrid
control strategy.

There have several experimental explorations accompanied on VF damper, Yang
and Agarwal [1] have investigated on the response of building structure utilizing the
hybrid control system comprising with a laminated rubber bearing with friction
damper and viscous dampers against near-fault earthquake excitation. Further
experimental studies have been conducted by Constantinou and Symans [2] on the
seismic response of building using supplemental fluid damping device. The
experimental study shows a simultaneous reduction of base isolation displacement
and force transmitted to the superstructure. Markis et al. [3] have studied on the
performance of the seismic isolated structure using visco-plastic and friction
dampers. Ozbulut et al. [4] have investigated on five-storey structure using VFD as
a semi-active device with LRB one with the adaptive fuzzy neural controller and
another with the simple adaptive control (SAC) method.
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2 Structural Model

An idea of the benchmark model leads to a particular benchmark problem which
has been adopted from an L-shaped eight-storey building structure of 54.3 m width
and 82.4 m length with a bracing of steel which is enabled to the lateral torsional
coupling forces, analogues to the USC Hospital in Los Angeles California. The
objective of the study of the benchmark problem is to evaluate the performance by
comparing different types of control strategies, generalized algorithms with devices
under a systematic standardized predefined building structure or a benchmark
building subjected to the earthquake excitation (lateral force). The braced supported
superstructure at the perimeter of the building resting on the reinforced concrete
base slab over the integral concrete beams below that the each columns drop panels
are located precisely. The isolation devices are connected between the footing and
the drop panels under the column [5–8]. The base and the floor slab of the
benchmark building are considered to be rigid and the entire superstructure has
been modeled as a linear elastic system. The whole superstructure is simulated on
the basis of three masters (DOF) per floor at the mass center. The combination of
DOF of the model is précised to be 24 DOF at the superstructure and 3 DOF at the
isolation panel composed of 27 DOF. All the twenty-four modes are considered for
the fixed base case during the modeling of the superstructure. The benchmark
structure is very intricate due to strong coupling effect between the response of the
superstructure and the isolation level. The total weight of the structure is
202,000 kN. The damping ratio of the superstructure has been considered to be 5%.

3 Viscous Fluid Damper (VFD)

The cross-sectional features of an orifice accomplished damper VFD used in the
present study which has been shown in Fig. 1. It consists of a stainless steel piston
and the silicon oil fluid in the chamber longitudinally with an accumulator. The
piston contains a number of small orifices through which the fluid can be able to
pass from one side of the piston to the other [2]. The fluid viscous damper dissipates
energy by pushing fluid through an orifice, producing a damping pressure, which
creates a force. These damping pressure produced by VFD reduce both stresses and

Fig. 1 Schematic
cross-sectional diagram of
VFD
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displacement in the structure. In a viscous damping model, the output of the damper
is given by (i.e., damper force f)

f ¼ cd _xbj jksgn _xbð Þ ð1Þ

where cd = damping coefficient, _xb = velocity across the damper, k = Velocity
exponent _xb is the velocity across the damper”, and k is mentioned as a velocity
exponent. The value of k ranges from 0.4 to 1.4; a design with equal to 1 results in a
linear viscous damper.

The force-deformation behavior and mathematical modeling of the VFD are
shown in Figs. 2 and 3, respectively.

4 Numerical Study

A set of numerical simulation is performed in the MATLAB for the specified seven
historical earthquakes to investigate the effectiveness of the hybrid control systems
for the benchmark problem. Time history analysis is performed for the seven
earthquake ground motions specified in the benchmark problem to obtain the
structural responses of the building. The performance of passive VFD depends
upon its damping coefficient (cd) and velocity exponent (k). To investigate the
optimum values of these two parameters, a parametric study has been carried out
and the variation of peak seismic responses of the benchmark building for different
values of damping coefficient (cd) of the linear VFD is shown in Fig. 4. It is
observed from the figure that minimum value of the evaluation criteria of peak base
shear, peak structure shear, base displacement, inter-storey displacement for the
seven earthquake excitation is cd = 300 kN s/m. Therefore, damping coefficient of
300 kN s/m has been chosen to be an optimized value which is good for all the
specified earthquakes.

Fig. 2 Force-deformation
diagram of VFD

Fig. 3 Mathematical model
of VFD
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To determine the optimum value of the velocity exponent k, parametric study
has been performed varying the value of damping coefficient as the optimum one
(i.e., 300 kN s/m). From Fig. 5, it is observed that optimum value of velocity
exponent 1.3 is the optimum which holds good for all the specified earthquakes.

The evaluation criteria of the building considering the above optimum param-
eters (i.e., cd = 300 kN s/m and k = 1.3) of the two control strategies,
(a) semi-active system composed of MR damper with Bouc–Wen model and
(b) hybrid system composed of MR damper with optimized VFD are shown in
Table 1. The Main objective of VFD is to provide enough force to reduce the base
drift response without much affecting peak base shear response. Due to the energy
dissipation capability of reducing excessive Base drift response of VFD the hybrid
control system signified to be more effective. From the force-deformation pattern
shown in Fig. 6 and from Table 1, it can be observed that the base displacement
response J3 (Peak base displacement) is reducing for the Newhall, Sylmar,
El-Centro, Rinaldi, Erzincan earthquakes, whereas peak inter-storey drift response
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J4 (peak inter-storey drift) has been reduced for Newhall, Sylmar, El-Centro, Kobe,
Jiji earthquakes, respectively, for VFD + MR damper. The peak base shear
response J1 (peak base shear) of the hybrid control system is achieved with the
reduced value for Newhall, Sylmar, Jiji, and Erzincan earthquake compared to the
semi-active control, whereas the hybrid control strategy (VFD + MR damper)
controlled by clipped optimal control) the peak structural shear response J2 (peak
structural shear) appears to be efficient than semi-active control for Newhall,
Sylmar, El-Centro, Jiji, and Erzincan earthquakes. From the observation, it can be
clearly signified that the base acceleration response for uncontrolled response is
having maximum amplitude with respect to time, whereas the base acceleration
response of the structure controlled by semi-active device MR damper enables to
reduce the structural response due to its adaptive nature of the clipped optimal
controller justifying the control force to the MR damper controlling the structure
response, whereas the response controlled by MRD + VFD has been proved to be
much efficient for Sylmar, Rinaldi, Jiji, Erzincan earthquakes specially due to the
involvement of the inherent effect of the energy dissipative nature of the passive
device and the adaptive nature of the semi-active control system. Figure 7 shows
the time history plot of the base acceleration response for seven specified earth-
quakes and it can be seen that the effect of a hybrid control system using VFD with
MR damper controlled by clipped optimal control gives better control response of
the structure. The structural response reduced slightly by 0.96% for semi-active
system and for hybrid control system it has reduced by 17.42% with respect to the
uncontrolled response of the structure for Sylmar earthquake, similarly for Rinaldi
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Fig. 6 Force-deformation behavior of hybrid control system incorporating VFD and MRD for the
specified earthquakes
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earthquake the base acceleration response has been increased by 4.5% for
semi-active control system, whereas for hybrid control system the response reduced
up to 12.58%. Correspondingly for Jiji and Erzincan earthquake, the response has
been reduced 27.8 and 21.8% for semi-active control system, and for hybrid control
system the response reduced by 26.7 and 54.1% to the uncontrolled response.
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5 Conclusion

In this study, an effort is made to present smart base-isolated benchmark building
with hybrid control systems consisting of MR damper of Bouc–Wen model along
with clipped optimal control algorithm and passive nonlinear viscous damper.
Based on the investigation performed on the seismic response control of the
building, the following conclusions are drawn:

1. A parametric study has been performed to obtain the optimized value which can
ensure the supplemental damping of the isolation system to reduce displacement
and base shear response of the structure.

2. Significant seismic response reduction of the benchmark base-isolated building
can be achieved by applying hybrid control system consists of MR damper of
Bouc–Wen model along with clipped optimal control algorithm and passive
nonlinear viscous damper.

3. Due to the inherent dissipation capability of reducing excessive Base drift
response by VFD, hybrid control system signified to be more effective.

4. From the force-deformation behavior for seven earthquakes, a significant
amount of energy absorption through the hybrid control system can be observed
due to MR damper and VF damper characteristics.

5. Comparing the values of evaluation criteria tabulated, it can be deduced that
hybrid control system consisting of MR damper with nonlinear VFD is more
robust than the other considered control systems.

6. For Rinaldi earthquake, the base acceleration response has been increased by
4.5% for semi-active control system whereas for hybrid control system the
response reduced up to 12.58%. Correspondingly for Jiji and Erzincan earth-
quake, the response has been reduced 27.8 and 21.8% for semi-active control
system and for hybrid control system the response reduced by 26.7 and 54.1% to
the uncontrolled response.
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Numerical Investigation
on the Effectiveness of Double Tuned
Mass Dampers in Structural Vibration
Control

Mohammed Fasil and R. Sajeeb

Abstract The inferior performance of the single tuned mass damper (TMD) and
the complexities involved in the implementation of multiple TMDs in the structure
is some of the challenges faced in the field of structural vibration control. The
present study introduces Double TMDs’ control strategy which is simple and is
more effective than the conventional single TMD strategy. It essentially consists of
two discrete TMD units capable of suppressing vibrations in the neighbourhood of
the first and second natural frequencies of the structure to be controlled. Numerical
investigations done on a five degrees-of-freedom shear building model with dif-
ferent mass ratios reveal that the proposed strategy is superior to single TMD with
regard to effectiveness and wider frequency bandwidth of control of floor dis-
placements, floor accelerations and base shear. An investigation on the placement
configurations of the Double TMDs is also conducted.

Keywords Vibration control � Double TMDs � Placement configurations

1 Introduction

The application of single tuned mass damper (TMD) as a passive control strategy
has found great applications in vibration control in structures since its invention in
1909 by Hermann Frahm. Essentially, a single TMD consists of a spring and a
mechanism to dissipate energy such as a damper [1]. The great reliability of the
system is due to the absence of any active element such as an actuator [2]. From
Refs. [3, 4], the lack of robustness to detuning and inferior effectiveness under
seismic excitations is often spotted as the major drawbacks of the system.
Following the investigations on more than one number of masses in the TMD
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strategy by Iwanami and Seto [5], several researchers focused on the development
of multiple TMDs (MTMDs). An MTMD uses several smaller TMD units, instead
of a single large TMD tuned to a specific frequency of the structure [6]. Compared
to the conventional single TMD system, MTMDs have proven to be more effective
and exhibit an enhanced frequency bandwidth of control [4, 6]. From literature, it
may be noted that most of the researchers either converted a multi-degree-of-
freedom (MDOF) into an equivalent single-degree-of-freedom (SDOF) system [7]
or considered only the first resonant mode of vibration [8] of the structure. Since
MTMDs consist of several numbers of TMD units distributed either at one location
or spatially within the structure [9], the placement of TMDs would adversely affect
the architectural appeal, availability of usable area and ease of installation.

The present study investigates the effectiveness of Double TMDs in vibration
control of a five degrees-of-freedom shear building frame. The control system
consists of two TMD units tuned to the first and second natural frequencies of the
frame to be controlled. Equal inertial masses of combined mass ratios (mass of
TMDs to the total mass of structure) of 1, 2, 3, 4 and 5% were considered for the
study, and comparison of effectiveness with single TMD (with identical mass ratios
as above) was considered in the numerical study. Since the Double TMDs consist of
two masses, the strategy offers five different placement configurations. The effect of
placement configurations was also studied. The Double TMD system performed
well under harmonic, seismic and white noise base excitations, proving to be
superior to the conventional single TMD.

2 Dynamic Analysis

2.1 Formulation

Dynamic analysis was carried out using the Runge–Kutta method, formulating the
equations of motion in state space. For solution of differential equations in
MATLAB, the function ‘ode45’ was used.

For an MDOF system, the equations of motion may be represented in the state
space form as,
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where x1 to xn represent the displacement of the 1st to nth masses, xn+1 to x2n
represent velocity of the 1st to nth masses, M is the mass matrix of nth order, K is
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the stiffness matrix of nth order. f1(t) to fn(t) represent the dynamic loads acting on
1st to nth masses. A dot over variable represents differentiation with respect to time.

2.2 Problem

The structure chosen for the present study is a five DOF shear building model
(Fig. 1) with lumped masses of 40,000 kg at each storey (M), total stiffness of
4 � 107 N/m per storey (K) and 3% damping ratio. Mass ratios of 1, 2, 3, 4 and 5%
are chosen to design the mass component of the TMDs.

3 Design of Single TMD

Vibration control using a single TMD is implemented by attaching an SDOF
system to the top floor of the structure (Fig. 2).

The basic assumption in the design of the single TMD is that the natural fre-
quency of the single TMD is equal to the fundamental frequency of the uncon-
trolled structure. Mass ratio of the Double TMD system is denoted by ‘r’ in the
study. Since, the proposed Double TMDs use the same mass, a mass ratio of r/2 is
also considered in the study of the single TMD system. For deriving the damper
parameters, uniform storey stiffness of K is assumed.

The following simple assumption is used to design the single TMD:

xd ¼ x1 ¼
ffiffiffiffiffiffi
aK
md

r
ð2Þ

where
md ¼ r � 5M ð3Þ

Fig. 1 Spring–mass–damper model of the five degrees-of-freedom system

Fig. 2 Spring–mass–damper model of the five degrees-of-freedom system with single TMD
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md ¼ r
2
� 5M ð4Þ

Here, xd is the natural frequency of the single TMD, x1 is the fundamental
frequency of the uncontrolled structure, a is the coefficient to calculate the stiffness
of the single TMD, md is the mass of the damper, r is the mass ratio, and M is the
floor mass.

4 Double TMDs

4.1 Design

The principle of design of the Double TMDs is to proportion the TMD parameters
such that the natural frequencies of the two TMDs match with the first two natural
frequencies of the structure to be controlled, i.e. natural frequency of first
TMD = first natural frequency of the structure and natural frequency of second
TMD = second natural frequency of the structure.

For deriving the damper parameters, it is assumed that the storey stiffness is
uniform (K).

The stiffness of the first damper is taken to be a1K and that of the second damper
as a2K, where a1 and a2 are stiffness coefficients. The first two natural frequencies
of the system may be denoted by x1 and x2. Damper masses md1 and md2 are given
by (r/2) Ms, where Ms is the total mass of the structure to be controlled.

The stiffness coefficients and damper masses are obtained as follows:

xd1 ¼ x1 ¼
ffiffiffiffiffiffiffiffi
a1K
md1

r
or a1 ¼ x2

1md1

K
ð5Þ

xd2 ¼ x2 ¼
ffiffiffiffiffiffiffiffi
a2K
md2

r
or a2 ¼ x2

2md2

K
ð6Þ

The damper masses are given by

md1 ¼ md2 ¼ r
2
Ms ð7Þ

xd1 is the natural frequency of the TMD to control vibrations in the first natural
frequency of the uncontrolled structure, xd2 is the natural frequency of the TMD to
control vibrations in the second natural frequency of the uncontrolled structure, x1

is the fundamental frequency of the uncontrolled structure, and x2 is the second
natural frequency of the uncontrolled structure. md1 is the mass of the first TMD
(which controls the vibrations in the first natural frequency of the uncontrolled
structure), and md2 is the mass of the second TMD (which controls the vibrations in
the second natural frequency of the uncontrolled structure).
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4.2 Placement Configurations of Double TMDs

In the present study, an investigation is also conducted to find the effect of
placement of TMDs in the primary structure. The dampers can be arranged in five
different configurations as shown in Fig. 3. The different placement configurations
are denoted as A1, A2, A3, A4 and A5 as shown in Fig. 3. The spring–mass models
of these configurations are provided in Fig. 4.

5 Tuning of TMDs

Since the incorporation of TMDs into a structural system results in the variation of
mass, stiffening and damping components of the structure, tuning is necessary to
obtain optimum displacement, accelerations and base shear responses.

In the present study, tuning of TMDs is done by keeping the mass and damping
ratio as constants and varying the stiffness of the individual TMD units.

Figure 5 shows the tuned values of a for various mass ratios of the single TMD.
Since the Double TMD system consists of two TMDs, the coefficients a1 and a2

are used to determine the stiffness of the TMDs. The tuned values of a1 and a2 for
various mass ratios are shown in Fig. 6, corresponding to different Double TMD
placement configurations.

6 Effectiveness of Double TMDs

Elaborate numerical studies are conducted by subjecting the test structure to various
types of base excitations, namely harmonic, seismic and white noise, so as to
compare the controlled and uncontrolled responses.

Fig. 3 Various placement
configurations of Double
TMDs
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Fig. 4 Equivalent spring–mass–damper models of Double TMD configurations; a A1; b A2;
c A3; d A4; e A5

Fig. 5 Variation of
coefficient, a, with respect to
mass ratio, r
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6.1 Harmonic Base Excitation

Frequency response function (FRF) with frequencies up to 60 rad/s are plotted to
study the performance of the Double TMD system. The control effectiveness of the
system is studied by plotting the % variation of peak response with reference to the
uncontrolled peak response for various mass ratios. Peak response of parameters,
i.e. displacement, acceleration and base shear, obtained from FRFs of the corre-
sponding parameters are plotted against various mass ratios of the Double TMDs.
This is illustrated in Fig. 7.

It may be observed from the plots above that except A1, all configurations were
found to give reasonably good performance for all response parameters considered
in the study. Excellent base shear control was observed in Double TMD systems,
compared to single TMD systems.

Since only the peak values of responses are noted to study the control effec-
tiveness of the system, even an unusual spike higher than the general response will
only be considered. The eccentric behaviour of the system with configuration A1
may be attributed to this fact.

FRFs of various response parameters of uncontrolled and controlled structures
corresponding to a mass ratio of 5% are shown in Fig. 8. Placement configuration
A4 is considered for the Double TMD system. Peak response reduction attained in
the neighbourhood of the second natural frequency of the structure can be observed.

6.2 Seismic Base Excitation

Recorded accelerations in El Centro (1940) earthquake are used to study the
effectiveness of the proposed Double TMD system compared to the single TMD

Fig. 6 Variation of stiffness
coefficients with respect to
mass ratio, r
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topology. From Fig. 9, it may be observed that, with increase in mass ratio, there is
a steady reduction in the peak amplitude for the Double TMDs, irrespective of the
placement topology used. Placement configuration A1 was found to be superior.

Fig. 7 Control Effectiveness
of double TMD system. FRFS
of a displacement;
b acceleration; c base shear
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Good performance was observed for other configurations also. Here also, the
performance of single TMD was found to be inferior.

The comparison of time histories of top floor displacements is shown in Fig. 10.
Placement configuration A1 is considered for Double TMDs.

Fig. 8 Control effectiveness
of single and Double TMD
(A4) systems for a mass ratio
of 5%. FRFs of
a displacement;
b acceleration; c base shear
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6.3 White Noise Base Excitation

White noise excitation (Fig. 11) generated in MATLAB, using the function ‘wgn’,
normalized to 1 m/s2 was given as base acceleration to study the effectiveness of the
proposed system under random loading.

Fig. 9 Control effectiveness
under El Centro earthquake;
a displacement;
b acceleration; c base shear
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The variation of response parameters, namely floor displacements, floor accel-
erations and base shear of the structure controlled by single and Double TMD
systems with respect to mass ratios was studied.

From Fig. 12a, b, it may be observed that all control strategies show erratic
behaviour. However, it may be noted that the Double TMDs shows enhanced
control at higher mass ratios. From Fig. 13, it is definitive that the implementation
of Double TMDs into the test structure has exhibited remarkable vibration control
under white noise base excitations.

6.4 Effect of Placement Configurations

All placement configurations were found to offer better control over single TMD.
The levels of control (control effectiveness) offered by the various placement
configurations were different for different response quantities. Hence, with the
observations made on the reductions in peak responses, it is difficult to pick the best
configuration. However, meaningful conclusions are made from the FRFs of sys-
tems with different configurations (Fig. 14a) and the second mode shape of the
structure (Fig. 14b).

The maximum ordinate of the mode shape is at the second-floor level, and the
superior performance of placement configuration A4 (second TMD at second floor)
is attributed to this fact. Thus, maximum control will be yielded when the TMD is
placed at the floor, where the mode shape ordinate is maximum. Conversely,

Fig. 10 Performance of
Double TMDs under El
Centro earthquake—
displacement-time history

Fig. 11 White noise signal—
acceleration–time history
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Fig. 12 Control
effectiveness—white noise;
a displacement;
b acceleration; c base shear
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control effectiveness of system with damper placed at the floor of minimum mode
shape ordinate will be minimum. The inferior performance of configuration A2
(TMD in fourth floor) is affirmative of this observation.

7 Conclusions

The numerical study could prove the effectiveness of the proposed Double TMDs in
suppressing peak responses to remarkably good level under harmonic, seismic and
white noise excitations. The Double TMD system was found to outperform the
single TMD systems in vibration control. The study on placement configurations
reveals the role of mode shapes on the location of the TMDs. The placement
configuration with one damper placed at the top and the other at the floor where the
mode shape ordinate is maximum was found offering the most effective vibration
control.

One practical issue which may arise due to the installation of a damper system in
the intermediate floors is about the usability of the floors due to the excessive
vibration of the damper mass. The damper components require a small portion of
the floor only and may be enclosed in a separate room. Concealing the components
within the structural framework is another option.

Fig. 13 Performance of
Double TMDs under white
noise base excitation—
displacement-time history

Fig. 14 a FRFs of
Double TMD systems; b 2nd
mode shape
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Three-Dimensional Finite Element
Simulation of Isolated Floor Slab
with Friction Contact Surface

P. Kamatchi, S. Cheran Pandian, N. Ezhilarasi and K. Balaji Rao

Abstract Number of studies are reported in literature on the response of structures
with different dampers and the combination of more than one damper. An isolated
floor slab system, which can move relative to the frame for energy dissipation
through friction, is suggested in literature, and a simplified idealization has been
adopted for modelling the same. In order to determine the response of the isolated
floor slab more realistically, three-dimensional finite element simulation of isolated
floor slab with friction contact surface has been demonstrated in the present study.
Time history analyses with four earthquake ground motions are carried out for a
single-storey and a three-storey frame with solid floor slab and isolated floor slab,
and the responses are studied. From the comparison of results, it is observed that
frame with isolated floor slab is an efficient passive energy dissipation mechanism
and the percentage reductions in responses are different for different ground
motions.

Keywords Isolated floor slab � Friction contact surface � Response reduction

1 Introduction

Number of studies are reported in literature on tuned mass dampers (TMD),
combination of friction and tuned mass dampers and pendulum-type tuned mass
dampers [1–7]. As it has been reported by many researchers, TMD which is a

P. Kamatchi (&) � S. Cheran Pandian � N. Ezhilarasi � K. Balaji Rao
CSIR-Structural Engineering Research Centre, Chennai, India
e-mail: kamat@serc.res.in

S. Cheran Pandian
e-mail: scheranpandian21@gmail.com

N. Ezhilarasi
e-mail: ezhilarasi118@gmail.com

K. Balaji Rao
e-mail: balaji@serc.res.in

© Springer Nature Singapore Pte Ltd. 2019
A. Rama Mohan Rao and K. Ramanjaneyulu (eds.), Recent Advances in Structural
Engineering, Volume 2, Lecture Notes in Civil Engineering 12,
https://doi.org/10.1007/978-981-13-0365-4_33

389

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_33&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_33&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_33&amp;domain=pdf


dynamic vibration absorbing passive energy dissipation mechanism is effective in
response reduction; however, response reduction is directly proportional to mass
ratio. Hence, supporting structures need to be designed for additional load. On the
other hand, repairing or replacing the bearings provided for base isolation after the
earthquake is reported to be very difficult. Engle et al. [8] have introduced an
isolated floor slab system which can move relative to the frame. Bottom surface of
the floor slab is curved in shape and rests on curved support. Rubber bumpers are
installed between the slab and frame, which are compressed and are in contact with
the slab always. The spherical curved support interacts with curved slab bottom
through the contact surface and dissipates energy by friction. Engle et al. [8] have
adopted simplified mathematical idealization of frame and isolated floor slab. In the
present study, isolated floor slab with friction contact surface has been modelled
using three-dimensional finite element computer program SAP2000 [9]. Time
history analysis is carried out, and responses of the single-storey and three-storey
frames with solid slab are compared with single- and three-storey frame with iso-
lated floor slabs for different earthquakes.

2 Properties and Structural Model

The three-dimensional finite element (FE) models of the single-storey and
three-storey FSS and FIS are shown in Fig. 1. The properties adopted in the present
study for the frame with solid slab (designated as FSS) and frame with isolated slab
(designated as FIS) are given in Table 1. Same properties are adopted for
single-storey and three-storey FSS and FIS. Eight-noded 3D solid element with six
quadrilateral faces is used for modelling the solid slab. At each node, three trans-
lational degrees of freedom are activated in the solid element. Friction–pendulum
isolator element is used for the contact surface between sliding curved slab and the
curved support. Friction isolator element adopts the hysteretic behaviour proposed
by Park et al. [10]. For modelling the bumper stiffness, linear elastic translational
joint spring element is adopted.

3 Time Periods of the Models

The time period of the single-storey and three-storey FSS and FIS frames are
obtained, and it is observed that time periods of FIS are less than the time periods of
FSS which indicates FIS to be rigid compared to FSS. However, due to the presence
of isolated slab on contact surface, which leads to the generation of lesser inertia
force for the same mass, the base shears are less for FIS compared to the base shears
obtained for FSS.

390 P. Kamatchi et al.



4 Linear Time History Analysis

In the present study, linear time history analyses are carried out for the chosen four
different earthquakes, viz El Centro (1940), Loma Prieta (1989), Northridge (1994),
spectrum compatible ground motions consistent with IS 1893–2002 medium soil
spectra for Zone V—design basis earthquake (DBE). The peak base shear, peak
acceleration and peak displacement responses, response ratios and percentage
reduction in responses for single-storey FSS and FIS are compared as given in

(a) (b)

(c) (d)

Fig. 1 Three-dimensional FE wireframe model a FSS—single storey b FIS—single storey c FSS
—three stories d FIS—three stories
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Table 2. The variations of base shear, roof displacement and acceleration time
histories of single-storey FSS and FIS for the four earthquakes are shown in Figs. 2
and 3. It is seen that for Northridge and IS spectrum compatible earthquake, not
much of reduction is achieved in acceleration response for the single-storey FSS
and FIS systems.

Table 1 Properties of frame with solid slab and isolated slab

Properties of FSS Properties of FIS

Dimension: Bay width in plan 2.7 m � 2.7 m
Height of storey: 3 m
Beam: ISMB 200
Column: ISB 113.5 � 113.5 � 4.8
Thickness of slab: 130 mm
Mass source: self-weight plus 50% of live load
(3 kN/m2)

Dimension: Bay width in plan 2.7 m � 2.7 m
Storey height: 3 m.
Beam: ISMB 200
Column: ISB 113.5 � 113.5 � 4.8
Thickness of curved slab at middle: 100 mm
Thickness of curved slab at edge: 50 mm
Thickness of supporting slab at middle:
30 mm
Thickness of supporting slab at edge: 80 mm
Radius of curved slab = 7.6 m
Coefficient of friction = 0.3
Bumper stiffness = 87.4 kN/m
Stiffness of friction isolation
element = 1.99 kN/m
Mass source: self-weight plus 50% of live load
(3 kN/m2)

Table 2 Responses, response ratios and percentage reduction of response for FSS and FIS—
single storey

Earthquake Model Peak
displacement
at top (m)

Response
ratio (%
reduction)

Peak
acceleration
at top (m/s2)

Response
ratio (%
reduction)

Peak
base
shear
(kN)

Response
ratio (%
reduction)

El Centro,
1940, NS

FSS 0.0402 0.201
(79.9)

8.198 0.753
(24.7)

58.93 0.251
(74.9)FIS 0.0081 6.17 14.77

Loma Prieta,
1989, Arleta,
90

FSS 0.0430 0.249
(75.1)

10.57 0.623
(33.7)

63.78 0.310
(69.0)FIS 0.0107 6.59 19.77

North Ridge,
1994,
Capitola, 90

FSS 0.0226 0.496
(50.4)

5.00 – 33.53 0.616
(38.4)FIS 0.0112 6.64 20.66

IS
1893-2002
Rock Zone 5
—DBE

FSS 0.018 0.311
(68.9)

4.00 0.972
(2.8)

26.42 0.390
(61.0)FIS 0.0056 3.889 10.31
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Similar studies are carried out for the three-storey FSS and FIS typically for the
two earthquakes, viz El Centro and Northridge. The time histories of displacement,
acceleration and base shear for the roof level of three-storey FSS and FIS for El
Centro and North Ridge earthquakes are shown in Fig. 4a–f. Variations of the
storey level peak displacements for the three-storey FSS and FIS for El Centro and
Northridge earthquakes are shown in Fig. 4g. It is again seen that reduction of
acceleration response is lesser compared to reduction in displacement and base
shear for three-storey FIS.

(a)

(b)

(c)

(d)

Fig. 2 Single-storey FSS, FIS base shear a El Centro b Loma Prieta c Northridge
d IS 1893–2002 spectrum compatible Zone V Medium soil–DBE
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5 Conclusions

In this paper, efficiency of isolated floor slab in response reduction is demonstrated
through three-dimensional finite element modelling. For the single-storey frame
with isolated floor slab, maximum percentage reduction in base shear, displacement
and acceleration responses are 75, 80 and 34%, respectively, for the four earth-
quakes considered. Similarly, for the three-storey frame with isolated floor slab, the
maximum percentage reduction in peak base shear, peak roof level displacement
and peak acceleration responses are 61, 57 and 30%, respectively, for the El Centro
and North Ridge earthquakes. Percentage reduction in acceleration response is

(a)

(b)

(c)

(d)

Fig. 3 Single-storey FSS, FIS displacement a El Centro b Loma Prieta c Northridge d IS 1893–
2002 spectrum compatible zone V medium soil—DBE
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lesser than the percentage reduction in base shear and displacement. Further, the
response reductions for different earthquakes are observed to be different.
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Performance of Semi-actively Controlled
Building Frame Using MR Damper
for Near-Field Earthquakes

Vishisht Bhaiya, S. D. Bharti, M. K. Shrimali and T. K. Datta

Abstract Most of the studies on the control of building frame using MR damper
are investigated for far-field earthquake records, and a considerable reduction in
responses is shown. However, MR dampers have some significant drawbacks like
the saturation of MR dampers and its performance variability with respect to the
ground motions. It has been found that when the predominant frequency of the
earthquake is much away from the natural frequency of the structure, the response
reduction becomes significantly less. The reason for this may be attributed to the
less values of relative displacement and velocities of the floors which primarily
influence the force generated in the damper for a given voltage. The characteristics
of the near-field ground motion are distinctly different from the far-field ground
motion. The performance of the MR damper for the near-field earthquake is not
well investigated. In the present study, the performance of the MR dampers is
studied for two types of near-field earthquakes, namely Bam (directivity effect) and
Chichi (fling step effect) earthquakes. A limited number of MR dampers are
employed for response reduction.

Keywords MR damper � LQR � Near-field earthquake � Semi-active control
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1 Introduction

Controls of structural responses during natural calamities like earthquakes, tsunami,
blast, fire, and cyclone have been a favorable research topic for the structural
engineers. Many control systems have been proposed and studied by the
researchers. The control systems are classified into four categories—passive sys-
tem, active system, semi-active system, and hybrid system. Out of all the control
systems, semi-active control system has gained a considerable attention due to its
low power requirement and ability to generate control forces of same order as that
produced by active systems. Among all the semi-active devices, MR damper has
gained considerable attention as it is fail-safe.

Jansen and Dyke [1] evaluated the performance of different control algorithms
using multiple MR dampers. In the numerical example, two MR dampers were
installed at lower two floors of a six-story structure and the structure was subjected
to El Centro excitation. Xu et al. [2] compared the optimal displacement control
strategies with the optimal force control strategy using MR/ER dampers. Yoshida
and Dyke [3] investigated the performance of a 20-story nonlinear benchmark
building equipped with MR dampers. Kori and Jangid [4] studied the performance
of MR dampers under different control algorithms and excitations. Christenson
et al. [5] performed a real-time hybrid testing of a large-scale MR damper at
University of Colorado, USA. Bahar et al. [6] proposed a hybrid control system
combining a nonlinear base isolator and MR damper. In the MR damper, the
voltage was updated by a feedback control loop. Chang and Zhou [7] used recurrent
neural network models for structural control. They emulated the inverse dynamics
of MR damper to produce required command voltage. Two examples of structural
control were taken: optimal prediction control of a single degree of freedom system
and LQR control of a multi-degree of freedom system to illustrate the proposed
scheme. Lee et al. [8] applied the neuro-controller to a base-isolated benchmark
problem. The training algorithm based on minimizing the cost function was used.
A clipped optimal algorithm was then employed to produce the desired control
force. Das et al. [9] used an ANN-cum-fuzzy control scheme for structural response
mitigation. Bharti et al. [10] investigated the behavior of an asymmetric building
plan with MR dampers.

All the researches published on structural control using MR dampers have
mostly used far-field earthquake. In the present study, the performance of the MR
dampers is studied for two types of near-field earthquakes, namely Bam (directivity
effect) and Chichi (fling step effect) earthquakes. Three MR dampers are employed
at the bottom three floors for response reduction.
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2 Theory

The equation of motion for the building frame fitted with MR dampers in Fig. 1
takes the form:

M½ � €xf gþ C½ � _xf gþ K½ � xf g ¼ G½ � fmf g � M½ � r½ � €ug
� � ð1Þ

where M, C, and K are the mass, damping, and stiffness matrices of the system,
respectively; fm is the MR damper force vector; G is the damper location matrix of
ones and zeroes; z is the displacement vector with respect to the ground; r is an
influence coefficient vector; and €ug is the earthquake ground acceleration. The
governing Eq. (1) is expressed in the state-space form as below:

_zf g ¼ A½ � zf gþ B½ � fmf gþ E½ � €ug
� � ð2Þ

y ¼ C½ � zf gþ D½ � fmf gþ v ð3Þ

where A is a 2n � 2n system matrix, B is a 2n � nC control matrix, E is a 2n � 1
disturbance (excitation) matrix, C is a 2n � 2n identity matrix, D is a 2n � nC
matrix, x is a 2n � 1 state vector, y is a 2n � 1 vector of measured outputs, and v is
a 2n � 1 measurement noise vector; n is the number of states, nC is the number of
controllers, and p is the number of measurements.
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Fig. 1 Structural model
equipped with three MR
dampers
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2.1 Linear Quadratic Regulator (LQR) Algorithm

The LQR estimates the control force by minimizing the following quadratic cost
function:

J ¼ E½xT Tfð ÞFx Tfð Þ� þ
ZTf

0

xTðtÞQxðtÞþ uTðtÞRuðtÞdt ð4Þ

where E denotes the expected value; Tf denotes the final time which may be finite or
infinite, and when Tf tends to infinity, the first term of the cost function
xT Tfð ÞFx Tfð Þ becomes negligible; Q and R are the positive definite matrices. The
control force is given by the following equation:

uðtÞ ¼ �LðtÞx̂ðtÞ ð5Þ

where L(t) is the feedback gain matrix and it is defined using A, B, Q, and
R matrices and F by solving the following Riccati equation:

� S
:

ðtÞ ¼ ATSðtÞþ SðtÞA� SðtÞBTR�1BTSðtÞþQ ð6Þ

LðtÞ ¼ R�1BTSðtÞ and SðTÞ ¼ F ð7Þ

3 Generation of Control Forces Using MR Damper

Force in the MR damper is generated based on the movement of the piston and the
viscosity of the MR fluid which is manipulated by applying the voltage to the
magnetic coil of the MR damper. While the actuation of the piston is governed by
the vibration of the structure, the applied voltage is governed by the control
algorithm. The control algorithm is shown in Fig. 2. Modified Bouc–Wen model

MR Damper Force Clipped 
optimal Law

Structure

VoltageModified Bouc 
Wen Model

LQR
Measurements

Desired Control
Force

Fig. 2 Control algorithm
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[11] is used for predicting the MR damper force. Inputs to the model are the
inter-story drifts and velocities. By comparing the generated control force with the
desired control force, voltage is held constant or set to zero using clipped optimal
control. The reference time history of force used for clipped optimal control is
obtained using LQR algorithm. The entire numerical scheme is carried out using
Simulink toolbox of MATLAB.

3.1 Modified Bouc–Wen Model

Equations governing the MR damper force predicted by this model are given as
[11]:

fm ¼ c1 _xþ k1 ud � x0ð Þ ð8Þ

where the evolutionary variable z is given as:

_z ¼ �c vd � _x ðzÞj jzj j n�1ð Þ�b vd � _xð Þ zj jn þAm vd � _xð Þ ð9Þ

and _x is given as

_x ¼ 1
c0 þ c1

� �
a0zþ c0vd þ k0 ud � xð Þf g ð10Þ

where ud is the displacement of the damper; x is the internal pseudo-displacement of
the damper; z is the evolutionary variable that describes the hysteretic behavior of
the damper; k1 is the accumulator stiffness; c0 is the viscous damping at large
velocities; c1 is viscous damping for force roll-off at low velocities; k0 is the
stiffness at large velocities; and x0 is the initial stiffness of spring k1; a0 is the
evolutionary coefficient; c, b, η, and Am are shape parameters of the hysteresis
loop. The model parameters dependent on command voltage c0; c1; a0 are expressed
as follows:

c0 ¼ c0a þ c0bU ð11Þ

c1 ¼ c1a þ c1bU ð12Þ

a0 ¼ a0a þ a0bU ð13Þ

where U is given as output of first-order filter following the condition as below

_U ¼ �g U � Vð Þ ð14Þ
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3.2 Clipped Optimal Control Law

The input voltage to the MR damper is obtained using clipped optimal law [12].
When the absolute value of MR damper force is greater than the absolute value of
LQR force, then the voltage is set to maximum, and when the absolute value of MR
damper force is less than the absolute value of LQR force, then the voltage is set to
zero. The mathematical form of clipped optimal law is:

V ¼ VmaxH Fd � Fmrð ÞFmrf g ð15Þ

where V is the input voltage to the MR damper, H is the Heaviside function, Vmax is
the maximum input voltage, Fd is the LQR force, and Fmr is the MR damper force.
The voltage is maximum when Heaviside function is one and zero when Heaviside
function is zero.

4 Numerical Study

The details of building frame are shown in Fig. 1. Mass of each story is 18,000 kg,
and stiffness of each floor is 24,965 kN/m. Three MR dampers are used to control the
response and are placed at the bottom the story of the frame where maximum drifts
are expected to take place for uncontrolled vibration. The time histories of uncon-
trolled and controlled responses of top floor displacement for Bam and Chichi
earthquakes are shown in Figs. 4 and 6, respectively. Similarly, time histories of
uncontrolled and controlled responses of base shear for Bam and Chichi earthquakes
are shown in Figs. 3 and 5, respectively. Force–displacement and force–velocity
plots of the MR damper located at third floor are shown in Figs. 7, 8, 9, and 10.
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It is seen from the above figures that the control characteristics for the two
earthquakes are distinctly different. The differences in the two responses are largely
due to the presence of the directivity effect in one and the fling step effect in the
other. The fling step causes large displacement in the structure. The peak values for
different response quantities of interest for uncontrolled and controlled conditions
are shown in Table 1. The percentage reductions for different responses of interest
are shown in Table 2. The percentage reduction is calculated as shown below
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Percentage reduction ¼ UNpr � COpr

UNpr
ð16Þ

where UNpr is the uncontrolled peak response; COpr is the controlled peak response.
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5 Conclusions

Numerical studies lead to the following conclusion:

1. The controlled responses of the frame for the two earthquakes have distinctly
different characteristics.

2. The fling step effect induces a large displacement in the structure as compared to
the directivity effect.
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Table 1 Peak responses for Bam and Chichi earthquakes for uncontrolled and controlled
conditions

Response
quantity

Percentage reduction for Bam
earthquake (2003)

Percentage reduction for Chichi
earthquake (1999)

D 38.6 12.5

Fd 12.54 11.5

dr 58.52 15.23

Table 2 Percentage response reduction for Bam and Chichi earthquakes

Response quantity Bam earthquake
(2003)

Chichi earthquake
(1999)

UNpr COpr UNpr COpr

D (cm) 3.43 2.31 23.84 21.09

Fd (kN) 216 197 1263 1177

dr (cm) 0.59 0.26 4.16 3.55

Note D, Fd, and dr denotes the top floor displacement, base shear, and maximum inter-story drift,
respectively
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3. The percentage reduction of response quantities of interest for an earthquake
with directivity effect is comparable to those for far-field earthquake.

4. Fling step effect provides a very less reduction in response quantities of interest,
and thus it appears that semi-active control using MR dampers is not suitable for
the control of buildings for the near-field earthquake with fling step effect.
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Cyclone Wind Response Mitigation
of Transmission Towers by SMA
Dampers

Madhusree Roy and Aparna (Dey) Ghosh

Abstract The present study focuses on a means of improving the performance of
transmission towers under high-intensity winds in the form of cyclonic winds
through the use of shape memory alloy (SMA) dampers installed in the bracings of
the tower. The cyclonic wind field is modelled as per the guidelines of the World
Meteorological Organization, and the Harris power spectral density function
(PSDF) is used to characterize the fluctuating component of the cyclonic wind
velocity. Nonlinear time history analysis of a single circuit lattice transmission
tower is carried out under the cyclonic wind load time histories generated for each
node of the tower. Results indicate that the recentering and energy dissipation
properties of superelastic SMA bar dampers are capable of significantly mitigating
the tower’s response to cyclonic wind loads.

Keywords Transmission tower � SMA damper � Superelastic effect
Cyclonic wind load

1 Introduction

Over the last few years, in India and elsewhere, the growing demand for an
uninterrupted power supply even to distant places, far away from the power
generating stations, has spurred an increase in transmission line tower
(TLT) construction and their maintenance activities. TLTs are usually tall steel
lattice structures with small damping and sensitivity to wind excitation. The vul-
nerability of these structures to wind loading is very high, and over 80% reported
cases of damage to TLTs have been caused by high-intensity winds (HIW) such as
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tornadoes, cyclones, microbursts. As the wind structures of HIW are more complex
than that of traditional boundary layer winds, TLTs designed against code-specified
design wind loads may still suffer heavy damages under extreme weather events.
Therefore, it is necessary to investigate such designs and devices that can mitigate
the disastrous effect of HIW on transmission towers.

The costly problem of transmission tower failure has led to the development and
application of various structural assessment and mitigation techniques, including
vibration control devices, for both wind- and seismic-induced responses of these
structures. Chen et al. [1] have provided a state-of-the-art review of the vibration
control methodologies for transmission towers. Semi-active control strategies using
magneto rheological (MR) dampers and friction dampers were investigated for the
control of the transmission tower-line system under wind and earthquake excitation,
respectively, in [2, 3] and found effective. Viscoelastic dampers were also proposed
for the wind-resistant design of the transmission tower-line system [4] while the
tuned mass damper (TMD) and pounding tuned mass damper (PTMD) were studied
by Tian et al. [5], Zhang et al. [6], respectively, for the seismic vibration control of
transmission tower systems.

In this paper, shape memory alloy (SMA)-based control devices are proposed to
be installed in the axial members of the truss tower. SMAs have found applications
in many areas due to their large elastic strain capacity, energy dissipation capability
and excellent fatigue and corrosion resistance. Fukuta et al. [7], Ocel et al. [8],
Andrawes et al. [9] have studied the application of SMAs in the vibration control of
building structures and bridge systems. SMA control devices include SMA
restrainer bars, SMA-assisted elastomeric bearings, SMA rods and SMA braces.
The last has been developed using SMA wires by Dolce et al. [10] and their
effectiveness reported in studies by Han et al. [11], McCormick et al. [12], among
others. The present work considers the replacement of some of the steel braces of
the transmission tower by SMA braces.

The TLT considered for the present study is a 35-m-high single circuit tension
tower. It is modelled in 3-D in the standard finite element software OpenSees. The
cyclonic wind field is modelled by following the guidelines given by the World
Meteorological Organization [13]. The Harris power spectral density function
(PSDF) is used to characterize the fluctuating component of the cyclonic wind
velocity. The cyclonic wind velocity time histories are generated from the
Harris PSDF by using the spectral representation method suggested by Shinozuka
and Deodatis [14]. The force–velocity relationship for a slender bluff body as
provided by Wen [15] is then utilized to obtain the cyclonic force time histories.
These are evaluated for and applied at the different nodes of the tower, and the
response of the tower is obtained by carrying out a nonlinear time history analysis
in OpenSees. Results indicate that the tower undergoes very large deformations due
to yielding of some of the members, leading to an unbounded response and con-
sequent failure of the structure. Next, SMA damping devices in the form of
superelastic SMA bars are installed in some of the members of the TLT and the
response mitigation achieved is evaluated.
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2 Description of Example Tower

The TLT considered for the present study is a single circuit tension tower of total
height 35 m and a square base area of 6 � 6 m. It is a lattice transmission tower
fixed at the base. In the considered tower, the tower body is 27 m high, cage of the
tower is 3 m high and peak of the tower is 5 m high. The tower is provided with
traditional chevron bracing system up to the cross–arm level along the perimeter to
provide lateral load resistance. A diagonal bracing system is also provided in the
peak, cage and cross–arm portions of the tower.

3 Details of SMA Damper

The superelastic property of SMA (here Nitinol) can be exploited in order to
operate as a passive control device in structural systems. To mitigate the response of
the transmission tower under cyclonic wind load, the SMA damping device used
here is in the form of superelastic SMA bars in the bracing members as well as in
the horizontal members of the tower. This type of SMA damper was proposed by
McCormick et al. for seismically excited steel framed structures. The model of the
SMA brace considered here is taken from [16], who studied the cyclic properties of
large diameter superelastic SMA bars. The SMA model represents an idealized
behaviour for the SMA devices where a complete recovery of the original shape is
achieved at the removal of the load. In this model, the strain values at the start and
the end of the phase transformation are taken as 1 and 6%, respectively.

4 Modelling of Cyclonic Wind Field

In the cyclonic wind field, the instantaneous wind V tð Þ can be simply represented as
the sum of the mean wind speed VT0 averaged over a period of T0 and a fluctuating
component u tð Þ about the mean [13] such that,

V tð Þ ¼ u tð ÞþVT0 : ð1Þ

The vertical variation in the mean wind speed with height for a typical tropical
cyclone can be well approximated by an equilibrium form of the logarithmic
boundary layer profile under neutral stability conditions [17, 18] and can be
expressed as

V zð Þ ¼ u�
k

ln
z
z0

� �
� VT0 zð Þ: ð2Þ
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in which k denotes von Karman’s constant having a value of 0.41, u� is the friction
velocity, z is the height above the ground and z0 is the surface roughness length.

In practice, u� can be expressed in terms of a surface drag coefficient C10

referenced to the standard reference height of +10 m for neutral stability conditions
as shown in the equation below,

C10 ¼ u2�
V2
T0 10ð Þ : ð3Þ

in which the values of C10 and z0 are taken as 0.005 and 0.1, respectively [19].
The fluctuating component of velocity u tð Þ is assumed to be a stationary random

process and is characterized by the standard Harris PSDF in the frequency domain.
The simulation procedure suggested by Shinozuka and Deodatis [14] is then used to
obtain a time history of wind velocity from the Harris PSDF.

4.1 PSDF Characterizing Wind Velocity

In this study, the Harris PSDF [20] is used to characterize the fluctuating compo-
nent of the cyclonic wind velocity. In the Harris spectrum for wind, the PSDF of
wind velocity is given by,

SV xð Þ ¼ 4pK0V2
10

x
X

2þ X2ð Þ½ �5=6
: ð4Þ

where, X ¼ xlx
2pV10

ð5Þ

in which K0 is the ground surface drag coefficient, lx is the length constant, x is the
frequency in rad/sec and V10 is the mean wind velocity at 10 m height. Here, K0 and
lx are taken as 0:03 and 1200 m (Balendra et al. 1995), respectively. As per IMD
tropical cyclone intensity scale, for cyclonic storm, V10 is considered as 18 m/s.

A logarithmic plot of the Harris PSDF is shown in Fig. 1. From the plot, it can
be seen that the Harris PSDF indicates very high energy content corresponding to a
very small frequency ðxÞ value. It is observed that at the fundamental frequency of
the tower (=22 rad/s), the energy is considerably reduced but still significant.

4.2 Simulation of Stochastic Process

A one-dimensional, univariate, stationary, Gaussian stochastic simulation procedure
is provided by Shinozuka and Deodatis [14] using the spectral representation

412 M. Roy and A. (Dey) Ghosh



method. Following this methodology, sample functions of the stochastic process
can be generated with great computational efficiency using a cosine series formula.

A one-dimensional, univariate, stationary, zero-mean stochastic process f0 tð Þ
with PSDF Sf0f0 xð Þ is considered. Then its simulation f tð Þ can be represented as

f tð Þ ¼
ffiffiffi
2

p XN�1

n¼0

An cos xntþUnð Þ: ð6Þ

in which, An ¼ 2Sf0f0 xnð ÞDx� �1=2 ð7Þ

where n ¼ 0; 1; 2; . . .;N � 1:

xn ¼ nDx: ð8Þ

Dx ¼ xu=N ð9Þ

and A0 ¼ 0 or Sf0f0 x0 ¼ 0ð Þ ¼ 0: ð10Þ

In Eq. (9), xu represents an upper cut-off frequency beyond which the PSDF
Sf0f0 xð Þ may be assumed to be zero for either mathematical or physical reasons. The
U0;U1;U2; . . .;UN�1 appearing in Eq. (6) are independent random phase angles
distributed uniformly over the interval [0, 2p].

With the help of Eq. (10), it is seen that the simulated stochastic process f tð Þ
given by Eq. (6) is periodic with period T0 such that,

T0 ¼ 2p
Dx

: ð11Þ

This indicates that the smaller the value of Dx or equivalently larger N under a
specified upper cut-off frequency value xu, the longer the time period of the sim-
ulated stochastic process. It is important to note that while generating sample
functions of the simulated stochastic process, the time step Dt separating the gen-
erated values in the time domain must obey the following condition in order to
avoid aliasing.

Fig. 1 Harris PSDF for wind
velocity
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Dt� 2p
2xu

ð12Þ

To generate the time history of the fluctuating component of the wind velocity,
the value of xu is considered as 300 rad/sec as beyond this value the Harris PSDF
indicates very low amount of energy content (ref. Figure 1). The value of N is
considered as 1000 and Dx is obtained as 0.3. In order to satisfy the condition of
Eq. (12), Dt is considered as 0.01 s. Using this aforementioned set of values, a
sample time history of the fluctuating component of wind velocity for 120 s
duration is simulated and the resulting time history of the instantaneous wind
velocity V tð Þ is shown in Fig. 2.

5 Generation of Cyclonic Wind Loads

We consider here both the drag and the inertia force components in the force–
velocity relationship. Let Q tð Þ denote the force per unit height of the tower. This
may be expressed as [15]

Q tð Þ ¼ 1
2
CDDqU tð Þ2 þ p

4
CmD

2q
dU tð Þ
dt

: ð13Þ

in which CD and Cm denote the drag and inertia coefficients, respectively. q is the
air density, D is the projected width of the tower normal to the direction being
considered and U(t) is the velocity component in that direction. The values of CD,
Cm and q are considered as 3, 1 and 1:225 kg/m3, respectively.

The time history of nodal forces acting on the windward and leeward sides of the
tower at a height z in the X-direction are obtained from the following expressions,

FWX ¼ 1
3
QX z; tð Þ � h� Sr: ð14Þ

Fig. 2 Time history of
cyclonic instantaneous wind
velocity at 35 m height
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FLX ¼ 1
6
QX z; tð Þ � h� Sr: ð15Þ

where Sr is the solidity ratio, and it is considered as 0:28 for the present study. h is
the projected height of half the panel above and below the node under considera-
tion. Those evaluated at 35 m height of the tower are shown in Figs. 3 and 4.

6 Nonlinear Dynamic Time History Analysis of TLT
Under Cyclonic Wind Loads

The considered tower model is analysed under the cyclonic wind loading by per-
forming a nonlinear dynamic time history analysis in the finite element software
OpenSees [21]. In Fig. 5, the displacement time history at the top of the tower in the
X-direction is shown. From the displacement time history, it can be observed that
the tower undergoes large oscillations with a significant amount of permanent
displacement, which ultimately leads to the failure of the tower. The structural
failure of the tower takes place due to the material failure, i.e. yielding of some of
the steel chevron braces, some of the horizontal members and some of the cross
bracings provided at the cross–arm level of the tower.

Fig. 3 Time history of
cyclonic wind force in X-
direction acting at a node on
windward side of the tower at
35 m height

Fig. 4 Time history of
cyclonic wind force in X-
direction acting at a node on
leeward side of the tower at
35 m height
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Next, the steel chevron braces, the cross bracings in the cage at cross–arm level
and the horizontal steel members up to the cross–arm level of the tower under study
are replaced with superelastic SMA bar segments as shown in Fig. 6 and are
connected to the structure through rigid elements in order to reduce the length of
SMA required. The SMA braces are designed to provide the same initial axial
stiffness as the steel braces. Here, the steel chevron bracings are provided with a
total cross-sectional area of 0:001612 m2 2 nos ISA 70 � 70 � 6ð Þ. The cross
bracings in the cage at the cross–arm level and the horizontal steel members up to
the cross–arm level of the tower are provided with a total cross-sectional area of
0:002903 m2 ISA 150 � 150 � 10ð Þ. Young’s modulus of elasticity for steel and
the austenite elastic stiffness for Nitinol SMA are considered as 2� 1011 N/m2 and
4:5� 1010 N/m2 respectively. From this, it is computed that the SMA bars provided
in the chevron bracings should have a total cross-sectional area of 7000 mm2 and
may consist of 55 numbers of 12.7-mm-diameter individual bars [12] so as to
provide the required cross-sectional area. Similarly, for the remaining SMA bars
which are provided in the cross bracings and in the horizontal members up to the
cross–arm level of the tower, it is evaluated that they should have a total
cross-sectional area of 12,900 mm2 and may be composed of 100 numbers of
12.7-mm-diameter individual bars [12]. As there is no difference in the stiffness of

Fig. 5 Top displacement
time history in the X-direction
of the uncontrolled tower

Fig. 6 Tower with the SMA
damper attached to it
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the uncontrolled and controlled towers, both the conventional steel braced tower
and the SMA braced tower have the same natural time periods.

In order to compare the performance of the passively controlled tower with the
uncontrolled tower, the displacement time histories at the top of the considered
tower for the two cases are evaluated and shown in Fig. 7. The uncontrolled steel
tower shows an unbounded response with a significant amount of residual dis-
placement in X-direction but the same tower with the SMA braces shows a bounded
response with no residual displacement and a maximum top displacement of 0.2 m
in X-direction. The energy dissipating capability of the SMA decreases the plastic
deformations of the members of the tower. The recentering ability of the SMA
causes the tower to return to its original geometry at frequent times during the HIW
event, thereby preventing accumulation of inelastic deformations in the structure.

7 Conclusions

Through this work, the applicability of superelastic SMA dampers as a control
device for the mitigation of the structural response of TLT subjected to cyclonic
wind loads is investigated. The cyclonic wind loading creates unbounded responses
signifying failure in the uncontrolled tower. However, the same tower after
incorporation of superelastic SMA bars in the bracing system shows a bounded
response with a complete removal of residual displacement. Hence, it can be
concluded that the tower with SMA dampers prevents the failure of the tower by
reducing the maximum top displacement and residual displacement of the tower
significantly. The ability of the SMA damper to dissipate energy through its
flag-shaped hysteresis and to provide recentering is mainly responsible for decrease
in the maximum and residual displacements of the tower. Thus, superelastic SMAs
have a great potential in controlling the structural response of TLTs due to cyclonic
winds.

Fig. 7 Top displacement
time history in the X-direction
of uncontrolled and passively
controlled tower
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Linearized Dynamic Analysis
of Weightless Sagging Planar Elastic
Cables

Pankaj Kumar, Abhijit Ganguli and Gurmail Benipal

Abstract Nonlinear dynamic analysis of elastic structures is known to be much
more complex than their linear analysis. There are many sources of nonlinearity of
the structural response of elastic cables, viz., physical nonlinearity due to nonlinear
tension–extension relations, geometric nonlinearity associated with finite elastic
displacements and nonlinearity of nodal load–displacement relations due to the
presence of self-weight. Incremental second-order differential equations of motion
are used to predict the vibration amplitudes relative to the equilibrium state caused
by additional dynamic forces. Generally, the tangent stiffness matrices are deter-
mined by adding the tangent elastic and geometric stiffness matrices. Many a time,
an approximate linearized dynamic analysis is attempted. In this paper, the initial
tangent stiffness matrix corresponding to the equilibrium state is used in the
second-order linear differential equation of motion. The dynamic response relative
to the equilibrium state of the structure subjected to additional dynamic loads is
predicted. The predictions of linearized dynamic analysis are generally considered
acceptable for small elastic displacements from the equilibrium state. The validity
of such linearized dynamic analysis for elasto-flexible cables obeying third-order
differential equation of motion is explored.
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Configurational response
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1 Introduction

Cables are important components of structures in diverse fields such as trans-
portation, power transmission lines, marine environment, entertainment. First the-
ories of sagging cables were proposed about three centuries ago. Major impetus to
research was provided by aeroelastic failure of Tacoma Narrows suspension bridge
caused by moderate winds in 1940. Sagging flexible cables differ from the con-
ventional elastic structures in some very important respects. Sagging cables lack
unique natural state even though their equilibrium states are uniquely determined by
the applied loads. It attests to the complexity of the problem that research papers
dealing with the dynamic analysis of the sagging elastic cables keep on appearing
even in the recent decades.

There are many sources of nonlinearity of the structural response of elastic
cables: physical nonlinearity due to nonlinear tension–extension relations, geo-
metric nonlinearity associated with finite elastic displacements and nonlinearity of
nodal load–displacement relations due to the presence of self-weight. As cables lack
unique reference state, the equilibrium state under self-weight is generally used as
the reference state for stating the additional load–displacement relations [1, 2].
Generally, the Lagrangian coordinate of the material point on the one-dimensional
cable along its undeformed length plays the role of reference state for defining the
elastic extensions and strains [3, 4]. In the incremental formulations, the tangent
stiffness matrix is determined as the sum of tangent elastic and geometric stiffness
matrices. Continuous catenary element has been proposed for three-dimensional
analyses of cables under distributed loads using a discrete finite element for non-
linear inelastic cables with different segment properties and under concentrated
loads. The discrete finite elements are predicted to be better than the continuous
cable elements [5]. Conventional stability functions have also been used to incor-
porate the effects of geometrical nonlinearity, while material yielding is simulated
by a plastic hinge model [6]. A spatial two-node catenary cable element has been
developed for nonlinear static and dynamic analysis of cables under self-weight and
concentrated loads [7]. An elastic catenary finite element was proposed for analysis
of planar cables and cable networks [8].

Recently, the authors have proposed rate-type constitutive equations for
weightless sagging elastic planar cables. Here, the tangent stiffness matrix is
determined as the inverse of tangent flexibility matrix itself obtained as the sum of
tangent elastic and configurational flexibility matrices. Third-order equation of
motion is derived in terms of deformed nodal coordinates as the primary kinematic
variables and loading rates. The proposed theory of sagging elastic cables is then
used for determining their dynamic response [7].

Analysis of nonlinear elastic structures is quite complex. Sometimes, it is jus-
tified to use the simpler though only approximate linearized analysis of these
structures. Conventional elastic structures possess unique passive natural state as
well as unique tangent stiffness matrix. The stiffness matrix in this passive state is
used for the linearized analysis. In contrast, single sagging elastic cables lack
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unique passive natural state. In view of this, the stiffness matrix of these structures
in their passive state cannot be defined [7]. However, it is possible to determine
their dynamic response to additional dynamic loading if these nonlinear elastic
structures are subjected to some sustained loads. The tangent stiffness matrix cor-
responding to their equilibrium state under sustained loads is used as constant
stiffness matrix for conducting their linearized analysis. Incremental second-order
differential equations of motion are used to predict the vibration amplitudes relative
to the equilibrium state caused by additional dynamic forces. The linearized anal-
ysis is considered acceptable for small elastic displacements from the equilibrium
reference state.

The above methodology for linearized analysis is developed for conventional
nonlinear elastic structures. In this paper, the validity of this linearization scheme is
investigated for the weightless elasto-flexible sagging planar cables. The linearized
analysis predictions of the structural response are compared with the available
nonlinear analysis predictions.

2 Scheme Adopted for Linearization

Recently, the present authors have proposed a new theory of weightless sagging
planar elastic cables undergoing small elastic displacements under point loads [7].
The cable material is considered to obey linear tension–extension relation, and due
to small elastic displacements considered, the structure is also geometrical linear,
although the structure shows inherent nonlinearity. This is due to the ‘configura-
tional nonlinearity’ associated with the cable flexibility. Configurational nonlin-
earity is essentially different from the conventional physical and geometrical
nonlinearities, but generally treated as part of the geometric nonlinearity in the
available literatures. Here, the natural state corresponding to any equilibrium state
of the cable can be obtained by the proportional unloading from the equilibrium
state. The natural state plays the role of reference state for defining the elastic
displacements. The configuration-defining nodal coordinates and the elastic dis-
placements turn out to be zero and first-order homogeneous functions of the nodal
loads, respectively [7].

The investigation for weightless sagging planar elastic cable having two-node
and four DOF undergoing small elastic displacements is as shown in Fig. 1. The
cable is in equilibrium state under sustained nodal loads F0 and variable nodal loads
Ft. Also, the nodal elastic displacement ðu0Þ is measured from the equilibrium
nodal coordinates ðx0Þ, to give the deformed state nodal coordinates ðy0 ¼ x0 þ u0Þ.
The initial tangent flexibility matrices like D, f and N are determined which gives
the initial tangent stiffness matrix ðKTÞ described in the authors paper [7]. Then, the
third-order differential equation of motion is derived for the dynamic analysis of
nonlinear elastic cable and is stated below:
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MvyþC€yþK _y ¼ _FðtÞ ð1Þ

It should be noted that above equation of motion is expressed in terms of the
deformed nodal coordinates ðy ¼ xþ uÞ as primary kinematic variables. The
instantaneous tangent stiffness matrix ðKÞ used in above equation is determined by
the instantaneous cable configuration and nodal loads. Then, predicted dynamic
response is presented in terms of displacements from equilibrium state obtained by
using the following expression:

zðtÞ ¼ yðtÞ � yð0Þ ¼ ðxþ uÞ � ðx0 þ u0Þ ð2Þ

In the case of linearized analysis presented in this paper, the second-order dif-
ferential equation of motion adopted for dynamic analysis is obtained as

M €zþC _zþKT
0 z ¼ Ft ð3Þ

Here, the dynamic variables ðz ¼ y� y0Þ represent the nodal displacement of the
cable from the equilibrium state. For solving the above second-order equation of
motion, two initial conditions, viz. zð0Þ and _zð0Þ, are needed. Unless otherwise
specified, assumed initial conditions are zð0Þ ¼ 0 and _zð0Þ ¼ 0. Also, the dynamic
force is expressed as Ft ¼ FL sinxtp except in the case of seismic analysis. It
should be noted that this analysis is valid only for small elastic displacements.
However, there is no restriction on configurational displacements. Also, in both
linear and nonlinear analyses, the constant initial damping matrix used is deter-
mined as

Fig. 1 Cables under nodal loads fixed at both ends
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C ¼ a0Mþ a1K ð4Þ

The constant damping matrix C is assumed to be initially classically damped.
The values of the coefficients a0 and a1 required for establishing the damping
matrix are determined by assigning the chosen damping ratios for the two lowest
modes of vibration.

3 Response of a Single Sagging Cable to General
Sinusoidal Loading

Typical sagging elastic cable system is considered for investigation with four DOF
systems as shown in Fig. 1. The basic parameters assumed are shown in Table 1.

Here, the symbols A0 and E represent, respectively, the area of cross-section and
the modulus of elasticity of the cable. The natural frequencies obtained for cable
system for typical nodal loads are (2.5552; 12.6818; 27.4331; 46.61) rad/s.
The FDR for a general sinusoidal loading covering only lowest natural frequency is
presented in Fig. 2.

Both linearized and nonlinear analyses [7] predict about the same fundamental
resonance frequency (2.5 rad/s) but slightly different peak amplitudes. However, as
expected, linearized analysis does not predict the presence of regular and irregular
subharmonic resonance phenomenon.

The sagging cables for particular nodal loads and the lower two natural fre-
quencies are found to very close to each other [7]. Typical FDR for a particular
sinusoidal loading is presented in Fig. 3 for both nonlinear and linearized analyses.
Higher adjacent resonance frequencies but quite different peak amplitudes are
predicted by linearized analysis. The FDR plot for z1 response is observed to be
substantially different.

The transient beating phenomenon is also observed at a forcing frequency
between the two adjacent peaks. Typical z4 waveform at forcing frequency
12.63 rad/s shows slightly different beating characteristics for both the analyses as
shown in Fig. 4. The linearized analysis predicts sharper beats occurring at higher
beating frequency which equals the difference in the adjacent natural frequencies
(12.34 and 12.9 rad/s). In contrast, the beating frequency predicted by nonlinear
analysis is about half the above value and is unrelated to the adjacent peak response

Table 1 Cable parameters and equilibrium state coordinates

L = 300 m; H = 20 m; S1 = 130 m; S2 = 100 m;

S3 = 110 m; A0 = 0.005 m2; E = 2 � 1011 N/m2;

M1 = 8000 kg; M2 = 14000 kg; P1 = 30 kN;

P2 = 110 kN; P3 = 45 kN; P4 = 200 kN;

x0= (111.2167; 67.3116; 208.3953; 90.8990) m

Linearized Dynamic Analysis of Weightless … 423



frequencies (12.05 and 12.75 rad/s). Perhaps, this is because of the expected
variation of natural frequencies of the cable structure experiencing such large
vibration amplitudes.

Typical FDR plots for cables with small sag with frequency ranges only two
lower resonance peaks are plotted in Fig 5. Similar values for the resonance fre-
quencies as well as the peak amplitudes are predicted by the nonlinear analysis and
the linearized analysis.

(a) Nonlinear analysis [9] 

(b) Linearized analysis 

Fig. 2 FDR for general harmonic loading
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The inextensible cables are modelled as elastic cables with extremely high axial
elastic stiffness [7]. Effect of axial stiffness on typical FDR plots for cables under
same loading is depicted in Fig. 6.

(a) Nonlinear analysis [9] 

(b) Linearized analysis 

Fig. 3 FDR of cables having very close natural frequencies

Linearized Dynamic Analysis of Weightless … 425



Entirely different FDR characteristics are observed for different values of their
elastic stiffness, for both nonlinear analysis and approximate linearized analysis.
Also, no regular or irregular subharmonics are predicted by linearized analysis. For
case of nonlinear analysis, the fundamental resonance frequency remains affected
from change of the axial elastic stiffness of the cable in FDR plot as shown in
Fig. 6a. The FDR range covers only lowest fundamental resonance frequency as the
other three resonance frequencies (401.0, 864.3 and 1472.6 rad/s) are infinitely

(a) Nonlinear analysis [9]

(b) Linearized analysis

Fig. 4 Beating phenomenon
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high. However, the peak response frequency is observed to be lower for higher
elastic stiffness. In contrast, in linearized analysis the fundamental resonance fre-
quency increases and the corresponding peak response amplitude decreases as the
axial stiffness increases as depicted in Fig. 6b.

(a) Nonlinear analysis [9]

(b) Linearized analysis

Fig. 5 Typical FDR plots for small sag cable
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(a) Nonlinear analysis [9]

(b) Linearized analysis

Fig. 6 Effect of axial stiffness of the cable on FDR
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The effect of constant sustained loads upon the dynamic response is also anal-
ysed. FDR is plotted for different sustained loads but keeping the amplitude of the
applied sinusoidal loading constant. This effect on their FDR is compared in Fig. 7
for nonlinear analysis and linearized analysis. The resonance frequencies as well as
resonance peak amplitudes predicted by both the nonlinear and linearized analyses
are approximately same under higher sustained loads. However, the difference
observed in the linearized analysis than the nonlinear analysis is more at lower
magnitudes of the sustained loads.

4 Cable Response to Seismic Loading

The seismic responses of a single sagging planar elastic cable to available hori-
zontal and deduced vertical seismic excitation components of El Centro ground
acceleration are compared with respect to nonlinear [9] and linearized predictions. It
must be noted that the third-order equation of motion for nonlinear analysis
demands the deduced rate of ground acceleration in addition to the available ground
acceleration input. This is in contrast to the linearized analysis using second-order
equation of motion and requiring only ground acceleration input.

It can be observed from Fig. 8 that the linearized analysis underestimates both
the horizontal and vertical seismic responses that too at lower response frequency.
However, such underestimation of vibration amplitude as well as response fre-
quency is much higher in the case of horizontal seismic excitation.

The seismic response for both horizontal and vertical excitations as analysed by
nonlinear analysis as shown in Fig. 9 represents the elastic components and is
marginally more for vertical excitation as compared to horizontal excitation. As
cable tension is directly related to the elastic components of the cable response,
horizontal excitation leads to lower tension increments. However, the dynamic
response predicted by linearized analysis cannot be decomposed into configura-
tional and elastic components.

5 Discussion

Linearization technique adopted in this paper involves conducting an approximate
linear analysis for predicting displacements from an equilibrium state introduced by
applied nodal load increments. In nonlinear analysis earlier adopted by authors [7,
9], the tangent flexibility matrix depends on the instantaneous sustained loads.
Obviously, the predicted response in linearized analysis is more accurate when the
load increments are small. Conventional nonlinear elastic structures are generally
considered to be linear at lower loads. Thus, their structural response is believed to
differ from the expected initial linear response with increase in loads. Such is not
the case with elastic cables. As presented above in Fig. 7, for the same load
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increments, the departure from linearized response occurs more at lower sustained
loads. At lower sustained loads, the configurational nonlinearity dominates as
discussed in author’s paper [7]. Due to this, the conventional nonlinear cables
structures are not linearizable at lower sustained loads.

(a) Nonlinear analysis [9]

(b) Linearized analysis

Fig. 7 Typical FDR for different sustained loads
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To recapitulate, in the linearized analysis, the initial tangent stiffness matrix
evaluated is assumed as constant for dynamic analysis. In contrast, the tangent
stiffness matrix is updated after every time step for predicting the nonlinear
dynamic response. It is emphasized that authors approach is used for establishing

(a)

(b)

Horizontal seismic excitation 

Vertical seismic excitation

Fig. 8 z2 response for El Centro earthquake

Linearized Dynamic Analysis of Weightless … 431



(a) Horizontal seismic excitation

(b) Vertcal seismic excitation

Fig. 9 z2 response components for nonlinear analysis
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the initial stiffness matrix even in the linearized analysis. Thus, the effect of sus-
tained loads on the initial stiffness matrix and so the predicted response is already
incorporated.

Also, in linearized analysis the primary kinematic variable in the equation of
motion is the displacement from equilibrium state, whereas in nonlinear analysis, it
is the deformed state nodal coordinates. Although, in both the analyses, the
dynamic response is predicted in terms of the nodal displacements from equilibrium
states. It is important to note that linearized analysis is valid only for small dis-
placements. The validity of nonlinear analysis is only for small elastic displace-
ments, but there is no such limit on the configurational displacements. Also, the
decomposition of total displacement from equilibrium state to elastic and config-
urational displacement is not possible in case of linearized analysis.

6 Conclusion

The effectiveness of linearized analysis for sagging elastic cable structures has been
explored in this paper. Predictions of linearized analysis are found to be acceptable
only in the case of single sagging cables with small sag and cables with higher
sustained loads. The linearized analysis cannot accurately predict either subhar-
monic resonances of sagging elastic cables under harmonic loading or their seismic
response. It is concluded that the linearization scheme developed for conventional
nonlinear elastic structures is not sufficiently effective in predicting the dynamic
response of elasto-flexible cable structures.

References

1. Irvine HM, Caughey TK (1974) The linear theory of free vibrations of a suspended cable. Math
Phys Sci 341(1626):299–315

2. Rega G (2004) Nonlinear vibrations of suspended cables-Part I: modelling and analysis. Appl
Mech Rev 57(6):443–478

3. Santos HAFA, Paulo CIA (2011) On a pure complementary energy principle and a force-based
finite element formulation for non-linear elastic cable. Int J Non-Linear Mech 46:395–406

4. Lacarbonara W (2013) Nonlinear structural mechanics: Theory dynamical phenomenon and
modelling. Springer, Berlin

5. Abad MSA, Shooshtari A, Esmaeili V, Riabi AN (2013) Nonlinear analysis of cable structures
under general loadings. Finite Elem Anal Des 73:11–19

6. Thai HT, Kim SE (2008) Second-order inelastic dynamic analysis of three-dimensional
cable-stayed bridges. Steel Struct 8:205–214

7. Kumar P, Ganguli A, Benipal GS (2016) Theory of weightless sagging elasto-flexible cables.
Latin Am J Solids Struct 13:155–174

8. Jayaraman HB, Knudson WC (1981) A curved element for the analysis of cable structures.
Comput Struct 14(3–4):325–333

9. Kumar P, Ganguli A, Benipal GS (2015) Seismic analysis of weightless sagging elasto-flexible
cables. Adv Struct Eng 1543–1562

Linearized Dynamic Analysis of Weightless … 433



Experimental Investigations of the Effect
of Temperature on the Characteristics
of MR Damper

C. Bharathi Priya and N. Gopalakrishnan

Abstract This paper presents the experimental studies that are carried out to
investigate the effect of temperature on the characteristics of MR damper. Active
research has been carried out to study the effect of factors such as input current/
voltage, frequency and amplitude of input excitation on the characteristics of the
damper, but very limited research has been done on the effect of temperature on the
energy dissipation and force characteristics of the damper. This warrants the current
study in which the effect of temperature is investigated through experimental
characterization of two commercially available dampers with different stroke
lengths. It is found that the temperature is found to rise with the increase in input
voltage and input frequency of excitation. This in turn affects the maximum force
developed by the damper and energy dissipation capacity of the damper. This can
affect the performance of dampers when applied to structural control applications.

Keywords MR damper � Characterization � Temperature effect
Energy dissipation

1 Introduction

Magnetorheological (MR) dampers are a class of semi-active controllable dampers
widely used in automobile, civil and mechanical industries. The controllable
property and advantages like low power requirement, high reliability, fast reaction
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time, low maintenance of these dampers offer wide applicability in the dynamic
response control of civil engineering buildings and structures. During events like
earthquake, the MR dampers attached with a structure act as a secondary device and
offer additional damping to the structure to protect it from seismic loads. The
challenge in the use of MR damper in structural control is modelling the nonlinear
and hysteretic force–displacement, force–velocity characteristics of the damper
accurately in order to harness the full potential of the controllable property of the
damper.

Several models, parametric and nonparametric, are available in the literature for
effective modelling of MR damper. The characteristics of MR damper get altered
due to several parameters such as the characteristics of smart MR fluid used,
properties of input excitation. Active research has been carried out to study the
effect of factors such as input current/voltage, frequency and amplitude of input
excitation on the characteristics of the damper. However, very limited research has
been done on the effect of temperature on the energy dissipation and force char-
acteristics of the damper.

When an external magnetic field is applied to the damper, under a dynamic
excitation, the damper can experience variations in temperature. As the viscosity of
the damper fluid changes, the MR fluid is sheared which leads to self-heating of the
damper fluid. This can significantly alter the yield force and energy dissipation
capacity of the damper.

In this study, the effect of temperature on the characteristics of the damper is
investigated through experimental characterization of two commercially available
dampers with different stroke lengths. The temperature is found to increase with the
increase in input voltage and input frequency of excitation. This in turn affects
the maximum force developed by the damper and energy dissipation capacity of the
damper. For the same input characteristics, at higher temperature, damper force and
energy dissipation are found to reduce considerably. This can affect the perfor-
mance of dampers when applied to structural control applications.

2 Magnetorheological Fluids and Dampers

Smart fluids are the class of fluids which has added micro-/nano-particles that can
alter the physical/mechanical properties of fluid like viscosity, surface tension, shear
rate typically on application of external stimulus like electric or magnetic field.
Examples of smart fluid include electrorheological fluid, magnetorheological fluid.
These smart fluids are used across various fields in many practical applications like
vibration dampers, shock absorbers and prosthetics.

MR damper is a vibration absorbing damper consisting of piston and a tube filled
with MR fluid, which is controlled by a magnetic field, usually using an electro-
magnet. Commercially available MR dampers are of type monotube, twin
tube, double-ended MR damper which are capable of operating on flow mode,
shear mode and squeeze flow mode. Depending on the applied magnetic field,
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the viscosity of the fluid changes which is used to dissipate energy from the system
with which the damper is attached. Since these dampers behave highly nonlinear,
the challenge in practical application of these dampers in energy dissipation relies
on accurate modelling of the behaviour of the damper under varying input condi-
tions. Although various models are present to model the damper characteristics
taking into account, the effect of varying input current, frequency and amplitude,
very less focus is given on the effect of temperature. Due to repeated application of
input current continuously for few minutes, the temperature of MR fluid is found to
increase. This self-heating is found to affect the energy dissipation capacity of the
damper, which is a paramount deciding factor for its use in vehicle suspension and
semi-active building control applications.

3 Literature Review

Gordaninejad and Breese [1] found significantly high temperature rise in MR
damper particularly in large force application. Batterbee and Sims [2] developed
and validated a dynamic temperature-dependent model for MR damper and found
that viscosity, yield stress and damper stiffness are highly affected by temperature
by conducting hardware in loop experiments. Sahin et al. [3] found that the mod-
ified Bouc–Wen model parameters did not capture the significant temperature
effects of MR damper. Wilson and Wereley [4] proposed a new model to better
capture stiffness behaviour over a large operating temperature range of MR damper.
However, there is still only limited research on the temperature effect in the
dampers and most of the existing research is concentrated in research level appli-
cations. This is a limitation when using the commercially available dampers in
real-world applications. This study concentrates to investigate the effect of tem-
perature in energy dissipation characteristics of two commercially available dam-
pers of different stroke length.

4 Experimental Characterization

Experimental characterization studies are carried out on a commercially available
short-stroke (RD-8040-1) and long-stroke (RD-8041-1) MR damper in a loading
frame designed and built for the purpose. These dampers are of monotube type
containing high-pressure nitrogen gas. The typical properties of the damper as
supplied by the manufacturer Lord Corporation are presented in Table 1. Desired
input current to the damper is supplied using Wonder Box® Device Controller from
the same manufacturer. Short-stroke and long-stroke MR dampers are subjected to
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displacement-controlled sinusoidal displacements at various currents based on their
typical properties. The dampers are tested for 0, 0.25, 0.5, 1 A currents with a
frequency of 0.5, 1, 1.5, 2 and 3 Hz in each current value. At each displacement, an
amplitude of 5, 10 and 15 mm for short stroke and 5, 10, 15 and 20 mm for
long-stroke damper is given and values are recorded for ten cycles. Two dampers of
each type are tested to ensure repeatability of the results. During the experiments, it
is observed that there is an increase in the temperature, between the first and tenth
cycle. Since the MR fluid is sealed inside the cylinder and inaccessible, the tem-
perature developed in the outer surface of the cylindrical shaft is measured using a
non-contact laser-based thermocouple. Temperature of the shaft at the first and final
cycle is recorded using the thermocouple, and in all cases, it is ensured that the
initial cycle is done nearly at room temperature. The experimental setup and
instrumentation are shown in Fig. 1.

Table 1 Damper properties Property RD-8040-1 RD-8040-1

Stroke (mm) 55 74

Extended length (mm) 208 248

Body dia (mm) 42.1 42.1

Shaft dia (mm) 10 10

Tensile force (N) 8896 8896

Damper force (N)
5 cm/s @ 1 A
20 cm/s @ 0 A

>2447
<667

>2447
<667

Operating temp (°C) 71 max 71 max

Fig. 1 Experimental setup
for MR damper
characterization: a loading
frame with actuator;
b close-up view of damper;
c wonderbox for input current
supply; d non-contact
thermocouple
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5 Results and Observations

One of the initial observations is the temperature increase in the damper between
the cycles is more when the input frequency and input current increase.

For 15 mm amplitude, under varying input frequency and current, the temper-
ature recorded at the tenth cycle is shown in Fig. 2, and from the figure, it can be
seen that the increase in temperature is nonlinear in nature.

The effect of the temperature increase on the maximum force of the damper is
calculated by comparing the force–displacement curve of the first and last cycle.
The absolute value of maximum force and the temperature recorded in the first and
last cycle under various frequencies for 10 mm amplitude is presented in Fig. 3.
From the figure, it is found that, in all cases, the increase in the temperature
decreases the maximum force developed by the damper. This decrease is observed
in both short-stroke and long-stroke dampers as shown in Fig. 3a, b. For both
dampers, the decrease in force is more pronounced at higher input currents. The
same trend is observed in energy dissipation characteristics of the dampers. This is
shown in Fig. 4a, b for short-stroke and long-stroke dampers.

Fig. 2 Increase in
temperature in long-stroke
and short-stroke MR damper
for varying input excitations
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At a sinusoidal input of 3 Hz frequency with 10 mm amplitude and 1 A input
current to the damper, 25% of maximum force variation and 28% of energy dis-
sipation percentage variation is observed for the long-stroke damper due to the
increase in temperature. For similar input condition, a 22% decrease is observed in
maximum force and 26% decrease is observed in energy dissipation for the
short-stroke damper.

The effect of temperature on the damping characteristics affects the characteristic
curves of the damper as shown in Fig. 5. From the force–displacement curves, it is
found that the stiffness of the damper is altered between the first and last cycle. The
force–velocity plots show that at higher currents, the post-yield damping is found to
vary more than the pre-yield damping. This is indicated by a slight clockwise
rotation of the curves on the force–velocity plot. This is due to the reduction in
fluid’s viscosity with increase in temperature.

Fig. 3 Variation in maximum force observed between first and last cycle for a short-stroke and
b long-stroke damper
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Fig. 4 Energy dissipation observed between first and last cycle for a short-stroke and
b long-stroke damper
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6 Conclusions

Experimental studies are carried out to investigate the effect of temperature on the
characteristics of MR damper. It is found that rise in temperature with respect to rise
in input properties significantly decreases the maximum force developed and
energy dissipation characteristics of MR damper. Temperature increase as high as
18 °C is observed within ten cycles of operation of damper. This temperature
increase is found to significantly alter the performance of the damper which is
crucial in applications like vibration absorbers in buildings and automotives. Hence,
an attempt has been made to study the effect of temperature in the hysteresis of the
two commercially available dampers with different strokes. It is found that, for
same input excitation, at higher temperature, the force and energy dissipation
decreases to a considerable extent, especially in post-yield region, which can
potentially alter the performance of the damper. For future work, the temperature
effect will be further investigated for developing a suitable model of MR damper for
its use in seismic response control.
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Semi-active Control of Structures Using
Magnetorheological Elastomer-Based
Seismic Isolators and Sliding Mode
Control

K. Balamonica, K. Sathish Kumar and N. Gopalakrishnan

Abstract Control of structures against the earthquake forces had been a keen topic
of interest in research for past decades. Isolator being one such system which works
passively to decouple the structure from the earthquake forces has many disad-
vantages such as large displacements, poor adaptability to varying ground condi-
tions. Recently, magnetorheological (MR) elastomer-based base isolation systems
have been actively studied as an alternative smart base isolation systems because
MR elastomers are capable of adjusting their modulus or stiffness depending on the
magnitude of the applied magnetic field. In this paper, MR elastomer-based iso-
lators have been used to semi-actively control the structure subjected to earthquake
excitation. Sliding mode control algorithm has been investigated and used effec-
tively to control the structure semi-actively.

Keywords Magnetorheological elastomer � Stiffness � Seismic control
Isolator � Sliding mode control

1 Introduction

The base isolation technique is one of the most widely used seismic performance
improvement strategies for civil infrastructures, such as bridges and buildings. The
conventional passive base isolators have to be provided with large seismic gaps due
to their high horizontal flexibility and exhibit poor adaptability to varying ground
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excitations. Hence, it becomes necessary to introduce “smartness”, in the conven-
tional base isolators, and enhance their adaptability to varying spectra of input
loads. In order to introduce smartness in the passive base isolation systems, a class
of smart materials called magnetorheological elastomer (MRE) can be used. MREs
are solid analogue of magnetorheological fluids. The materials whose properties can
be altered with the passage of magnetic field are called as magnetorheological
materials. They consist of micronized iron particles and a non-magnetic medium.
Hence on the passage of magnetic field, the elastic modulus of the material can be
altered as the particle aligns along the direction of the magnetic field.

The idea of using MR elastomers for civil engineering applications is rarely
explored. The conceptual study of using MR elastomers for base isolators was
carried out by Hwang et al. [1]. The numerical evaluation of the dynamic perfor-
mance of the smart base isolation system employing MR elastomer was performed
by Usman et al. [2], and the results show that the proposed system outperforms the
conventional system in reducing the responses of the structures during seismic
excitations. Jung et al. [3] showed that the smart MR elastomer isolator system with
fuzzy logic control algorithm gives better results than that of passive isolation
device by investigating on a small-scale single-storey building. Opie and Yim [4]
proposed the variable stiffness vibration isolator (VSVI), and experimental results
showed that the MRE isolator reduces the resonances and payload velocity by
16–30%.

2 Smart Base Isolator

Li et al. [5] developed smart base isolators using the MREs made of carbonyl iron
particles and silicone rubber. These MREs exhibit variation in their shear modulus
as shown in Fig. 1. It could be seen that the stiffness of the MRE increases with the
increase in the magnetic field. The isolators were made by sandwiching layers of

Fig. 1 Varying stress–strain
graph of magnetorheological
elastomers with current

446 K. Balamonica et al.



MRE and steel plates (Fig. 2). The force–displacement curves for various currents
and frequencies are given in Fig. 3.

3 Sliding Mode Control

Sliding mode control (SMC) is a nonlinear control technique in which systems are
designed to drive the system states onto a surface in the state space, named sliding
surface [6]. Once the sliding surface is reached, sliding mode control keeps the

Fig. 2 Magnetorheological
elastomer-based base isolators

Fig. 3 Force displacement hysteresis plot for smart base isolators
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states on the close neighbourhood of the sliding surface. The main aim of the SMC
method is to design the controller, which leads the sliding function to the manifold
and keep the system in desired sliding mode. The SMC design consists of two
steps: switching function design and controller design. The switching function is
the function of the state and can be obtained either as output or state feedback [7].

3.1 Conditions for the Existence of a Sliding Mode

A sliding mode exists, if in the vicinity of the switching surface, r xð Þ ¼ 0, the
tangent or velocity vectors of the state trajectory always point towards the switching
surface [8]. Consider the following nth order, single input system

_x ¼ f t; x; uð Þ ¼ AxþBu ð1Þ

With the following general control strategy,

u ¼ uþ t; xð Þ if r xð Þ[ 0
u� t; xð Þ if r xð Þ\0

� �
ð2Þ

Then, sliding mode exists if

dr
dx

f t; x; uþð Þ\0 and
dr
dx

f t; x; u�ð Þ[ 0

Consider a linear system _x ¼ AxþBu
Where x (n � 1) is the states, A (n � n) is system matrix and B (n � r) is the

control matrix. The matrix B is assumed to have full rank, and (A, B) is controllable.
The control law u is defined

u ¼ �Ksgn rð Þ ð3Þ

3.2 Switching Function Design

The switching function provides the necessary dynamics to the system to make it
slide along the sliding surface [9]. The switching function is assumed to be function
of the states.

r ¼ Sx ð4Þ

That is, r ¼ S1x1 þ S2x2 þ S3x3 þ � � �
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The S (n � r) vector needs to be evaluated to make the system slide in the
desired path.

The switching surface r xð Þ ¼ 0 is a (n − m)-dimensional manifold in Rn

determined by the intersection of m (n − 1)-dimensional switching surfaces
r xð Þ ¼ 0. The switching surfaces are designed such that the system response
restricted to u(x) = 0 has a desired behaviour such as stability or tracking.

3.3 Equivalent Control Method

The method of equivalent control is a means for determining the system motion
restricted to the switching surface r xð Þ ¼ 0 [6]. Suppose at to, the state trajectory of
the plant intercepts the switching surface and a sliding mode exists for t > to. The
existence of a sliding mode implies (1) _r x tð Þð Þ ¼ 0, and (2) r xð Þ ¼ 0 for all t > to.
From the chain rule, @r=@x½ � _x ¼ 0

Substituting for _x yields

@r
@x

� �
_x ¼ @r

@x

� �
f t; xð ÞþB t; xð Þueq
� � ¼ 0 ð5Þ

where ueq is the equivalent control which solves the equation. After substituting this
ueq in Eq. (1), the motion of (5) describes the behaviour of the system restricted to
the switching surface provided the initial condition x(to) satisfies r(x(to)) = 0. Thus

ueq ¼ � @r
@x

� �
B t; xð Þ

� ��1
@r
@x

f t; xð Þ ð6Þ

Given that r x toð Þð Þ ¼ 0, the dynamics of the system on the switching surface
can be given for time t� to as

_x ¼ 1� B t; xð Þ @r
@x

� �
B t; xð Þ

� ��1@r
@x

" #
f t; xð Þ ð7Þ

If the switching function is assumed to be linear, i.e. r xð Þ ¼ Sx, then @r=@x ¼ S;
hence, the above equation is reduced to

_x ¼ 1� B t; xð Þ SB t; xð Þ½ ��1S
h i

f t; xð Þ ð8Þ

Equation (8) governs the motion of the system in the switching surface. In the
sliding mode, the equivalent system must not only satisfy the n-dimensional state
dynamics but also the m-dimensional equations of the sliding surface r xð Þ ¼ 0.
Since we use both the constraints, the nth order model gets reduced to (n − m)th
order model.
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Equation (8) can be used to find the parameters of the sliding surface by using
pole placement methodology or LQR method.

3.4 Controller Design

The controller is used to determine the feedback gains that will drive the system to
the desired trajectory. Assuming the sliding mode is designed, the feedback con-
troller has to adjust the gains such that the system continues to be in the sliding
surface. In general, the control law renders “m”-dimensional vectors [10]

ui ¼ uþ
i t; xð Þ for ri xð Þ[ 0
u�i t; xð Þ for ri xð Þ\0

ð9Þ

There are various methods to arrive at the feedback controller design. The
essential principle of these methods is to use some diagonalization procedure which
converts multiple input problems into m single input design problem. A new control
vector u� is formulated by using a non-singular transformation,

u� tð Þ ¼ Q�1 @r
@x

xð Þ
� �

B t; xð Þu tð Þ ð10Þ

where Q t; xð Þ is an arbitrary m � m diagonal matrix. Q�1 t; xð Þ is simply a matrix
which allows flexibility in the design. It can be a weighting matrix for the various
control channels. Often, it is chosen as the identity matrix which provides equal
weightage for all the control channels. The state dynamics in terms of u* is

_x ¼ f t; xð ÞþB t; xð Þ @r
@x

� �
B t; xð Þ

� ��1

Q t; xð Þu� tð Þ ð11Þ

Although this new control structure looks more complicated, the structure of
r(x) = 0 permits one to independently choose the m-entries of u* to satisfy the
sufficient conditions for the existence and reachability of a sliding mode. Once u* is
known, it can be unravelled by inverting the transformation to yield the required
u. For a sliding mode to exist, it should satisfy rT xð Þ _r xð Þ\0. In terms of u*

_r xð Þ ¼ @r
@x

xð Þf t; xð ÞþQ t; xð Þu� tð Þ ð12Þ

Thus, if the entries u�þi and u��i are chosen such that

qi t; xð Þu�þi \�rri xð Þf t; xð Þ ð13Þ
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¼ �
Xn
j¼1

sijfj t; xð Þ when ri xð Þ[ 0 ð14Þ

qi t; xð Þu��i [ �rri xð Þf t; xð Þ ð15Þ

¼ �
Xn
j¼1

sijfj t; xð Þ when ri xð Þ[ 0 ð16Þ

4 Control of Structures Subjected to Dynamic Loads
Using MRE-Based Isolators

As described in the previous section, MRE-based isolators can be used effectively
to control the response of the structures [11]. Using MRE-based isolators coupled
with sliding mode control which is a robust control that does not depend on the
system parameters, a structure can be effectively controlled. Consider a structure
which is modelled as 2DOF system as shown in Fig. 4.

The equations of motion of the system are

m1€x1 þ c1 _x1 � _xg
� 	þ c2 _x1 � _x2ð Þþ k1 x1 � xg

� 	þ k2 x1 � x2ð Þ ¼ 0 ð17Þ

m2€x2 þ c2 _x2 � _x1ð Þþ c3 _x2ð Þþ k2 x2 � x1ð Þþ k3 x2ð Þ ¼ 0 ð18Þ

where x1 corresponds to the base isolation degree of freedom and x2 corresponds to
superstructure degree of freedom.

For the below study, it is assumed that the K1 = 20,000 N/m, K2 = 1,191,200 N/m,
m1 = 680 kg, m2 = 2490 kg, C1 = 374 N s/m, C2 = 2371 N s/m. For these
parameters, the studies are performed for three cases.

4.1 Case 1: Fixed Base Structure

For the fixed base structure, the frequency of the structure was found to be
3.484 Hz. The state space equation is given by

Fig. 4 Base isolated
structure idealized as 2DOF
structure
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_X1
_X2

� �
¼ 0 1

�478:39 �0:9522

� �
X1

X2

� �
þ 0

�1

� �
Xg ð19Þ

The storey displacement, velocity and acceleration responses for El Centro
ground excitation are shown in Figs. 5, 6 and 7, respectively.

4.2 Case 2: Passive Control of Structure Using Base
Isolation

Base isolators designed for the structure with the specification given already are
modelled which will impart passive control on the structures. The state space
equations are given as below

Fig. 5 Displacement
response of fixed base
structure

Fig. 6 Velocity response of
fixed base structure

Fig. 7 Acceleration response
of fixed base structure
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_X1
_X2
_X3
_X4

2
664

3
775 ¼

0 1 0 0
�1781:17 �4:036 1751:76 3:487

0 0 0 1
478:39 0:9522 �478:39 �0:9522

2
664

3
775

X1

X2

X3

X4

2
664

3
775þ

0
�1
0
�1

2
664

3
775Ug

ð20Þ

The displacement, velocity and acceleration of the base isolation (labelled as
uncontrolled) are shown in Figs. 8, 9 and 10. Since the superstructure behaves like
a rigid body, the responses will be same as that of base isolators. It can be observed
clearly that the displacement of the isolator gets doubled approximately. That is, the
structure moves twice the displacement compared to case 1. But the acceleration
responses are greatly reduced by 75% and the responses in Fig. 10 show smooth
behaviour compared to the chaotic behaviour in Fig. 7.

Fig. 8 Displacement
response of the structure with
smart base isolators
(controlled and uncontrolled)

Fig. 9 Velocity response of
the structure with smart base
isolators (controlled and
uncontrolled)

Fig. 10 Acceleration
response of the structure with
smart base isolators
(controlled and uncontrolled)
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4.3 Case 3: Semi-active Control of Structures Using Sliding
Mode Control

The MRE-based isolators are capable of altering the stiffness of the isolator based
on the applied magnetic field. That is, the structure can be controlled semi-actively.
The sliding mode control procedure described above is used to find the feedback
forces required to drive the system to the required trajectory.

The poles of the system were assumed to be −0.0977, −1.019, −83.1256. These
poles are used to arrive at the sliding surface parameters. The sliding surface which
is a function of the states can be derived to be

r ¼ 841:283X1 þX2 � 779:672X3 þ 0:1745X4 ð21Þ

From equations, control force U* is given by

U� ¼ K11 K12 K13 K14½ �
X1

X2

X3

X4

2
664

3
775 ð22Þ

where

K11 ¼ \�1628:585 if r1X1 [ 0
[�1628:585 if r1X1\0

� �
ð23Þ

K12 ¼ \1876:83 if r2X2 [ 0
[ 1876:83 if r2X2\0

� �
ð24Þ

K13 ¼ \1835:24 if r3X3 [ 0
[ 1835:24 if r3X3\0

� �
ð25Þ

K14 ¼ \776:35 if r4X4 [ 0
[ 776:35 if r4X4\0

� �
ð26Þ

From this, control force is given by

U ¼ 1:1886� 10�3 K11 K12 K13 K14½ �
X1

X2

X3

X4

2
664

3
775 ð27Þ

A Simulink model was modelled to implement the sliding mode control to
semi-actively control the structure using smart base isolators. A comparison
between the controlled and uncontrolled responses of structure with smart base
isolators is shown in Figs. 8, 9 and 10. The displacement response and velocity
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response in Fig. 8 shows considerable reduction in the displacements. But the
velocity and acceleration in Figs. 9 and 10 shows a marginal increase compared to
the uncontrolled state. The control force applied on to the structure is given in
Fig. 11. This control force is applied by altering the stiffness of the base isolators
which in turn is performed by varying the applied current.

5 Conclusion

The acceleration of the structure was observed to be of 8 m/s which gets reduced to
2 m/s when the isolators are used passively. Thus, a reduction of 75% is observed.
But the displacement of the structure with fixed base and passively controlled
isolators is increased by 50%. This is characteristic of the isolation systems.

The responses are smooth compared to fixed base systems. Smart base isolators
aim at reducing the displacements of the isolators by exhibiting a change in stiffness
with respect to the applied field. The sliding mode control algorithm drives the
system to desired path. The displacement response of the semi-actively controlled
and uncontrolled isolators shows that the displacements are reduced considerably
with a marginal increase in the acceleration. Thus, smart base isolators coupled with
sliding mode control can be used for semi-active control of structures.
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Seismic Response of Single Degree
of Freedom System with Shape Memory
Alloy (SMA) Damper

K. Thamaraiselvi and N. Gopalakrishnan

Abstract Shape memory alloys can effectively be used as a damper in structures
due to its excellent re-centring (self-restoration) and energy dissipation properties.
The distinctive hysteresis exhibited by the shape memory alloys enables it to be
used in re-centring devices which can be connected to real structures. Hence, the
analysis of a single degree of freedom system coupled with the SMA damper
becomes crucial. This paper discusses the nonlinear time history analysis of a
SDOF system with SMA damper modelled in MATLAB/SIMULINK subjected to
harmonic and random excitation. The responses obtained from the system with and
without SMA damper are compared.

Keywords Passive control � Time history � Superelasticity � Hysteresis
Response history � Vibration control

1 Introduction

Seismic protection of structures using re-centring devices made of shape memory
alloy (SMA) is a new paradigm shift beyond performance-based design. The
hysteretic damping capacity and high recoverable strains (8–10%), the character-
istic properties of SMA [1, 2], enable the material to be used in protection system
for civil structures subjected to dynamic loads. Hence, the study of shape memory
alloy-based passive/semi-active control devices is of immediate necessity in
earthquake-resistant design.
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2 SMA as Damper

Pseudoelasticity is a type of hysteresis exhibited by the shape memory alloys
(SMA) which helps in complete recovery of very large strains the material is
subjected to without external application of heat. This property can be effectively
employed in the passive control of structures [3, 4]. Figure 1 shows the typical
pseudoelastic hysteresis behaviour of SMA. The NiTinol (Ni-55%) shape memory
alloy is used in the wire form in a specially designed damper device which can be
connected to the structure [5, 6]. This device is designed in such a way that it is
capable of taking both tension and compression loading and can be incorporated as
a damper in the system [7–9].

An idealized SDOF system incorporated with shape memory alloy damper to be
modelled in SIMULINK is represented in Fig. 2. The single degree of freedom
system (SDOF) consists of a mass ‘m’ attached to a spring of stiffness ‘k’ and
damper of damping coefficient ‘c’. This mass is attached to the SMA element
through a damper device.

The response of the SDOF system is governed by the following dynamic
equilibrium equation

Fig. 1 Pseudoelastic
hysteresis behaviour exhibited
by SMA

Fig. 2 SDOF system
incorporated with SMA
damper
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m€xabs þ c _xþ kxþFSMA ¼ 0 ð1Þ

where €xabs corresponds to the mass coordinate measured from an inertial reference
frame and ‘x’ refers to the relative displacement.

xabs ¼ xþ xg ð2Þ

where €xg refers to the base acceleration, i.e. excitation acceleration given to the
structure. FSMA is the force exerted on the structure by the SMA element.
Equation (1) can be written as follows

m€xþ c_xþ kxþFSMA ¼ �m€xg ð3Þ

A nonlinear time history analysis must be performed to obtain the response from
the system which is discussed in detail in the following section.

3 Analysis of SDOF System Coupled with SMA Damper

A time history analysis to numerically evaluate the dynamic response of a one
degree of freedom model structure is performed in MATLAB/SIMULINK. The
block diagram representing the incorporated SDOF system with SMA element in
SIMULINK is shown in Fig. 3. The displacement time history obtained from the
SDOF system is fed as input to the SMA element subsystem which characterizes
the hysteresis behaviour of shape memory alloys. The SMA subsystem contains the
superelastic hysteresis model of shape memory alloy which displays the force
developed in SMA as output for the given displacement time history input. This
restoring force is given back into the SDOF system, and this completes the loop.

The hysteresis behaviour of SMA damper for the given input is computed using
a one-dimensional constitutive model developed by Cozzarelli et al. (1994) as
discussed in Ref. [10, 11]. The value of stiffness and yield force of the SMA wires

Fig. 3 Block diagram of
SDOF system with SMA
element
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used in damper are given as 150 N/mm and 800 N, respectively. Equations (4) and
(5) represent the stress–strain relationship of SMA material [11] modelled in
SIMULINK.

_F ¼ K _u� _uj j F � Z
Fy

� �n� �
ð4Þ

Z
K

¼ a uin þ Td _uj jfT ucj jerf auð Þ f �u _uð Þ½ �� � ð5Þ

The values of material constants and other parameters that control the hysteresis
loop are given in Table 1.

3.1 Response of the SDOF System

In this section, response of the SDOF system modelled with shape memory alloy
element in SIMULINK for different loading conditions is computed. For this
purpose, the SDOF system consisting of the following model parameters has been
included in the analysis. A steel cantilever model of natural frequency 4 Hz is
considered in the investigation. The SDOF model parameters employed in
SIMULINK are given in Table 2.

Table 1 Parameters for the
SMA damper model

Parameter Value

Stiffness, K 150 N/mm

Yield force, Fy 800 N

A 0.1

fT 6

C 0.001

Td 0.02 s

N 1

Table 2 SDOF model
parameters

Parameter Value

Mass (m) 100 kg

Damping coefficient (c) 502.6 N s/m

Length of beam (L) 1 m

Spring stiffness (k) 63165 N/m

Natural frequency (xn) 4 Hz

Damping ratio, n 0.1
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3.1.1 Response Due to Harmonic Excitation

A harmonic sinusoidal excitation force of amplitude 500 N and frequency 1 Hz is
supplied to the under-damped SDOF system connected to the SMA damper sub-
system. The governing differential equation of motion in Eq. (6) is as follows

m€xþ c_xþ kxþFSMA ¼ 500sin 2pfð Þt ð6Þ

where ‘f’ is the excitation frequency applied to the system.
The response obtained from the system is shown in Fig. 4. The figure shows a

comparison between the response obtained from the system with and without SMA
damper. It can be clearly seen that there is a significant reduction in the peak
displacement of the structure from 8.5 to 2.7 mm when SMA damper is attached to
the system.

Figure 5 shows the superelastic cycles developed in the shape memory alloy
damper system due to the displacement produced by harmonic excitation on the
SDOF system. The maximum force developed on the SMA damper for the specified
sinusoidal loading is found to be 330 N. This force time history developed in SMA
damper is then mass normalized and fed into the SDOF system. The analysis results

Fig. 4 Displacement
response history for harmonic
excitation

Fig. 5 SMA superelastic
cycle for harmonic loading
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thus show that there is a reduction in peak displacement of the mass when subjected
to harmonic loading, for about 68.23% once the SMA damper is attached to the
system.

3.1.2 Response Due to Random Excitation

A nonlinear time history analysis is performed on the SDOF system modelled in
SIMULINK by applying ground acceleration of €xg. The governing differential
equation of motion is given in Eq. (3). The seismic input for the SDOF system is the
accelerogram corresponding toNS component of ElCentro earthquake, 18May 1940,
recorded in the Imperial Valley in south-eastern Southern California near the inter-
national border of the USA and Mexico. It had a moment magnitude of 6.9. It has a
maximum peak ground acceleration of 3.2 m/s2, predominant frequency of 4.5 Hz,
and the total duration of the earthquake was 20 s. The model parameters of the SDOF
system subjected to accelerogram of El Centro earthquake are given in Table 3.

The accelerogram supplied as input to the analytical model developed in
SIMULINK is shown in Fig. 6. The nonlinear analysis performed in SIMULINK
shows that the relative peak displacement of the mass gets reduced from 2.5 to
1.3 mm once the SMA damper system is attached to the SDOF system as shown in
Fig. 7. It can also be seen that there is a significant reduction in the peak velocity of

Table 3 SDOF model
parameters for random
excitation

Parameter Value

Mass (m) 100 kg

Damping coefficient (c) 2000 N s/m

Length of beam (L) 1 m

Spring stiffness (k) 63165 N/m

Natural frequency (xn) 4 Hz

Damping ratio, n 0.3

Fig. 6 Accelerogram (El
Centro earthquake)
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the mass attached from 0.0025 to 0.0013 m/s (Fig. 8). The absolute peak acceler-
ation of the mass is found to get decreased from 4.1 to 3.9 m/s2 (Fig. 9).

From the analysis results, it can be seen that there is a 48% reduction in the peak
displacement value of the mass when it is connected to the SMA damper system.
The average relative displacement of the system is found to be 0.28 mm without
any damper, whereas the average relative displacement of the system with SMA
damper element is 0.12 mm. This shows a reduction of about 58% in the mean
relative displacement.

The restoring force developed in the SMA damper which acts on the SDOF
system is shown in Fig. 10. It can be seen that the maximum restoring force
developed in the SMA damper for the given accelerogram input is 327.3 N. This
restoring force developed in the SMA system is mass normalized and fed into the
SDOF system.

The nonlinear time history analysis is again performed on the SDOF model
created in SIMULINK for a different earthquake time history to study its behaviour
and versatility. The SDOF model parameters remain same which has been used for
El Centro earthquake.

Fig. 7 Displacement
response history for random
excitation (El Centro)

Fig. 8 Velocity response
history for random excitation
(El Centro)
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The accelerogram obtained from Taft earthquake (1952) is given as seismic
input for the SDOF system modelled in SIMULINK (Fig. 11). The Kern County
earthquake occurred on July 21 in the southern San Joaquin Valley and measured
7.3 on the moment magnitude scale. It has a peak ground acceleration of 1.557
m/s2, predominant frequency of 1.5 Hz, and the total duration of EQ is about 40 s.

The analysis results show that the relative peak displacement of the mass gets
reduced from 2.2 to 0.67 mm once the SMA damper system is attached to the

Fig. 9 Acceleration response
history for random excitation
(El Centro)

Fig. 10 Restoring force
developed in SMA damper

Fig. 11 Accelerogram (Taft
earthquake)
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SDOF system (Fig. 12). It can also be seen that there is a significant reduction in
the peak velocity of the mass attached from 0.0022 to 0.0067 m/s (Fig. 13). The
absolute peak acceleration of the mass is found to get decreased from 1.6419 to
1.5439 m/s2 (Fig. 14).

Fig. 12 Displacement
response history for random
excitation (Taft earthquake)

Fig. 13 Velocity response
history for random excitation
(Taft earthquake)

Fig. 14 Acceleration
response history for random
excitation (Taft earthquake)
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4 Conclusions

A single degree of freedom system is modelled in SIMULINK with SMA damper
element exhibiting superelastic hysteresis behaviour. Two earthquake time histories
have been supplied as input to the SDOF system modelled in SIMULINK, and the
results are studied. It can be seen that the percentage reduction in the peak dis-
placement of the system for El Centro earthquake is comparatively lesser than that
of Taft earthquake. This may be due to the fact that the predominant frequency of El
Centro earthquake is closer to the natural frequency of the SDOF system. However,
the incorporation of SMA damper in a system is found to reduce the peak dis-
placement of the system significantly for both the earthquake time histories.

Thus, the analysis conducted on the single degree of freedom system model in
SIMULINK proves that the shape memory alloys can be effectively used in energy
dissipation devices.
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Energy Harvesting From Dynamic
Vibration Pendulum Absorber

P. V. Malaji, M. Rajarathinam, V. Jaiswal, S. F. Ali and I. M. Howard

Abstract Dynamic vibration absorbers (DVAs) have proven to be an effective
passive technique to suppress device vibration, with many realistic implementations
in structures, buildings, and machines. Vibration energy harvesting is a process
used to convert unwanted vibrations of a host structure into electrical energy. In this
paper, a harmonic single degree-of-freedom system is considered consisting of a
pendulum absorber and electromagnetic energy harvesting transduction mecha-
nism. These types of DVAs are suitable for control of multi-story buildings, where
for the simplicity of analysis a two degree-of-freedom system which models the
building with the absorber is considered. Controlling the vibrations of buildings is
the primary objective, and harvesting the energy from the dynamic vibration pen-
dulum absorber at the same time is the secondary objective. Parametric analyses are
performed. It is observed that proper system parameter selection is key for reducing
the vibration amplitude of the primary system and for enhancing the energy har-
vested from the secondary system. Optimization analysis based on the genetic
algorithm approach is used to optimize the system parameters. It is observed that
with a proper selection of parameters, wideband energy can be harvested along with
reduction in vibration of the building.

Keywords DVA � Energy harvesting � Electromagnetic
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1 Introduction

Keeping structures safe and improving durability is an essential part of economic
progress and sustainability. The use of new sensing and control technologies can be
important tools that provide critical information to the engineering community
about the health of the structure. These tools can help industry to control a structure
or to rapidly identify the inception of structural damage in an instrumented struc-
tural system [1].

The area of smart structures has seen manyfold developments in the last decade.
The design of sensors and actuators, together with controllers that are made to
measure and control the dynamic response of structures, can be deployed for
structural health monitoring purposes [2]. Active control has often been adopted
instead of passive control for effective vibration control. These systems can then be
switched to semi-active and even hybrid semi-active systems to include the design
of more efficient and less power-demanding systems. Still, the operation and
powering up of the sensors and actuators is a challenging task, especially in remote
locations. This challenge motivates researchers to look for an alternate way of
supplying power to the sensors and actuators including the use of batteries.
However, the effective life of batteries still limits the usefulness of the sensors and
actuators. Devolvement of smart self-powered or autonomous sensors will enable
the sensors to harvest sufficient energy from surroundings like the vibration of the
host structure.

Energy harvesting for autonomous sensors and actuator nodes has attracted
considerable interest in the recent decade [3, 4]. Ambient resources like solar,
thermal, and vibration are being used to harvest the energy for health monitoring
implementations. Vibration energy harvesting is one of the best-suited methods of
harvesting energy from structures. Electromagnetic and piezoelectric techniques are
the two main vibration-based harvesting techniques. Electromagnetic harvesters
convert relative motion between the coil and magnet into electrical power [5, 6].
Piezoelectric energy harvesters utilize strain in the piezoelectric material to harvest
electrical power [7, 8]. Both techniques have their own pros and cons.
Electromagnetic techniques can be suitable for low-frequency applications. Several
researchers have explored electromagnetic energy harvesting [5, 6, 9, 10].

Most of the studies on energy harvesting focused on the efficiency of the har-
vesters. Structural health monitoring has been the main application area for energy
harvesting. Very few researchers have focused on devices that can control as well
harvest the energy [11, 12]. While controlling structural vibration, the main goal is
to reduce the vibration of the structure, which will reduce the energy harvested from
it. It is important to find the trade-off between vibration reduction and energy
harvested. DVAs are a suitable choice as the device shifts the vibrations from the
primary structure to the secondary structure from which energy can be
harvested [13].

Ali and Adhikari [13] investigated the linear damped vibration absorber as an
energy harvesting device by using a piezoelectric mechanism. Optimal trade-off
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parameters were obtained by using the fixed-point theory. Das and Santhosh [14]
investigated the possibility of employing a nonlinear absorber for harvesting energy
from DVA systems.

Energy harvesting from DVA will give the added advantage of harvesting
energy from a secondary mass. This harvested energy can be used for the
event-based powering of wireless sensors such as in the case of earthquake
vibration, where conventional power supply may be affected. In the present study, a
pendulum absorber is used as a secondary mass to reduce the vibration of the
building and energy is harvested through the electromagnetic mechanism.

2 Mathematical Model

Figure 1 shows the schematic diagram of the proposed dynamic pendulum vibra-
tion absorber with energy harvesting. This represents a two degree-of-freedom
system with electromagnetic energy conversion. The primary mass (mb) whose
vibration has to be suppressed is connected with pendulum absorber of mass mp.
The pendulum absorber consists of an end magnet below which a copper coil is
placed with load resistance as shown in Fig. 1.

The primary system representing the building is modeled as a single
degree-of-freedom system with mass mb, damping coefficient cb, and stiffness kb as
shown. The pendulum absorber has length l, end mass (with magnet) mp, and
damping coefficient cp. The magnet has flux density of B with a copper coil of
length L which is connected to load resistance R that is placed at a distance d from
the magnet. V denotes the voltage across the load resistor. The coupling between the
mechanical and electrical systems is modeled by electrical damping ce.

The electromechanical equations for small displacement are written as:

Fig. 1 Schematic of DVA
energy harvesting system
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ðmb þmpÞ€xþmpl€hþ cb _xþ kbx ¼ �ðmb þmpÞ€xg ð1Þ

mpl€xþmpl2€hþðcb þ ceÞl2 _hþmpglh ¼ �mpl€xg ð2Þ

V ¼ dBL _h ð3Þ

where x and Ɵ denote displacement of the primary mass and pendulum, respec-
tively. The primary structure is subjected to the harmonic base excitation of
amplitude xg.

For steady-state solution of the system, solutions of Eqs. (1)–(3) can be
written as

x ¼ Xeixt; h ¼ Heixt; xg ¼ Xge
ixt;V ¼ V1eixt ð4Þ

The following non-dimensional parameters are introduced to
non-dimensionalize Eqs. (1)–(3), where h indicates the height of the building [].

l ¼ mp

mb
;X ¼ x

xb
;x ¼

ffiffiffiffiffiffi
kb
mb

r

m ¼ X
h
; ce ¼ BL2

R

b ¼ l
h
; a ¼ xp

xb
;Cb ¼ cb

2mbxb
;Cp ¼ cp

2mpxp

Ce ¼ ce
2mbxb

ð5Þ

Substituting Eqs. (4) and (5) in Eqs. (1)–(3) results in

ð�ð1þ lÞX2 þ i2XCb þ 1Þm� ðlbX2ÞH ¼ ð1þ lÞX2mg ð6Þ

�X2mþð�bX2 þ i2XbaðCp þCeÞþ a2bÞH ¼ X2mg ð7Þ

V1 ¼ ixdBLH ð8Þ

Solving for displacement amplitude v and H provides

m ¼ a1X
8 þ a2X

7 þ a3X
6 þ a4X

5 þ a5X
4 þ a6X

3

D2 ð9Þ

H ¼ b1X
7 þ b2X

6 þ b3X
5 þ b4X

4 þ b5X
3

D2 ð10Þ

where the denominator is given as
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D ¼ d1X
4 þ d2X

3 þ d3X
2 þ d4Xþ d5 ð11Þ

The coefficients in Eqs. (9)–(11) are given by

a1 ¼ �2mgb
2; a2 ¼ �i2bððCp þCeÞð1þ lÞaþCbÞ

a3 ¼ �a2mgð1þ lÞb2ðð1þ lÞa2 þ 8CbðCp þCeÞa
þ 4C2

p8CeCp þ 1Þ

a4 ¼� i4b2amgðð1þ lÞ2ðCp þCeÞa2 þ 2CbðððCp þCeÞ2 þ 1
4
ÞlððCp þCeÞ2 þ 1

2
ÞaÞ

þ 1
2
ðCp þCeÞðlþ 2ÞÞ

a5 ¼ ð1
4
þððCp þCeÞ2lþ 2CeCp þC2

p þ
3
4
þC2

eÞð1þ lÞa2

þCbðCp þCeÞð2þ lÞaÞ4mgb2

b1 ¼ i4mgCbb; b2 ¼ 4mgbð12 þC2
b þ aðCp þCeÞð1þ lÞCbÞ

b3 ¼ i2mgbðCbð1þ lÞa2 þðCp þCeÞð4C2
b þ 1þ lÞaþ 2CbÞ

b4 ¼ �bmgð1þð4C2
b þ 1þ lÞa2 þ 8CbðCp þCeÞaÞ

b5 ¼ i2bmgaðCp þCe þCbaÞ

d1 ¼ b; d2 ¼ �i2bððCp þCeÞð1þ lÞaþCbÞ

d3 ¼ �a2b� 4CbCpba� la2b� b� 4bCea

d4 ¼ i2baðaCb þCp þCeÞ; d5 ¼ ba2

The power harvested by the pendulum absorber is given by

p ¼ V12

R
ð12Þ

The normalizing power with respect to mass and frequency of the pendulum and
distance between coil and magnet results in

P ¼ p
mpx3

pd
2 ¼ X2CeH

2 ð13Þ
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3 Parametric Study

Equations (9) and (12) are simulated over a range of parameters to study the effect of
displacement of the primary structure and power harvested from the secondary sys-
tem. The excitation amplitude mg is taken as 0.1, ratio of pendulum length to building
height b is taken as 0.1, and damping ratio of primary mass Cb is taken as 0.05.

Figure 2a, b shows the frequency response curves for displacement of the pri-
mary structure and power harvested for the various values of frequency ratio of
pendulum to the primary mass. Pendulum damping ratio and electrical damping
ratios are taken as 0.01 and 0.005, respectively. From the frequency response
curves, one can observe that for lower values of frequency ratio a, the amplitude of
the primary mass nearer to the resonance will be of higher magnitude than that
which is away from resonance, whereas the power curve will have two peaks of
equal magnitude. With the increase in frequency ratio a, opposite behavior in the
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Fig. 2 a Frequency response
curve for primary structure
displacement for various
values of frequency ratio of
pendulum to the primary
mass. b Frequency response
curve for normalized power
harvested for various values
of frequency ratio of
pendulum to the primary mass
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two peaks of amplitudes of the primary structure is observed. The magnitude of the
power peaks increases with increase in the frequency ratio a initially, while further
increase in the frequency ratio magnitude results in a slight decrease of one of the
peak powers.

The normalized displacement of the primary mass and normalized power for
different values of electrical damping Ce are Cp ¼ 0:01

� �
shown in Fig. 3a, b,

respectively.
Reduction in amplitude of the primary mass is observed with an increase in

electrical damping ratio as shown in Fig. 3a. The power harvested increases with
increase in electrical damping, where theoretically the harvested power can become
infinite for infinite value of electrical damping [10] as shown in Fig. 3b. This is
because the electrical damping has much less effect on the relative velocity between
the primary structure and the absorber. It is very difficult to obtain optimum values
of electrical damping, where generally electrical damping cannot be taken too high
as the mass of pendulum is much less. Electrical damping value which is equal to or
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slightly more than the pendulum damping value is considered as the optimal value.
In the present work, we will consider electrical and pendulum damping to be equal
for the optimum power.

The amplitude of both the primary structure and power magnitude decreases
with the increase in pendulum absorber damping ratio Cp Ce ¼ 0:005ð Þ as shown in
Fig. 4a, b. The power peaks merge into one as the damping ratio increases with
decrease in power.

4 Optimization

The objectives of harvesting energy from the DVA are conflicting, as the response
amplitude of the primary mass has to be reduced while the power harvested by the
pendulum absorber has to be increased. Therefore, an optimization is necessary to

0
0.1

0.2

0

1

2
0

0.5

(a)

(b)

1

0
0.1

0.2

0

1

2
0

1

2

Fig. 4 a Primary structure
displacement frequency
response curve for various
values of pendulum damping
ratio. b Frequency response
curve for normalized power
for various values of
pendulum damping ratio

474 P. V. Malaji et al.



obtain optimal parameters which can satisfy both requirements. The parameters to
be optimized are the frequency ratio a and pendulum damping Ce . As the opti-
mization involves both minimization and maximization of objective functions f1
and f2, the problem can be converted into minimization of the cost function f:

Min f ¼ f1 � f2 ð14Þ

f1 ¼ minðmÞ ð15Þ

f2 ¼ max Pð Þ ð16Þ

The parameter constraints are defined as
0.5 < a < 1 and 0.005 < Cp < 0.04
Genetic algorithm (GA) which optimizes the bounded parameters was used to

solve the bi-objective optimization problem. GA is a computerized search and
optimized algorithm based on natural selection. The GA process starts with a
population of random strings representing the judgment variables. Later, this
population is operated on by the three operators of reproduction, crossover, and
mutation to create new population of points. Furthermore, each new population is
evaluated, and this process continues until the termination criteria is met. Figure 5
shows the flowchart representing the working of GA.

Two different cases with different mass ratios are considered. The optimized
parameters are shown in Table 1.

Fig. 5 Genetic algorithm
flowchart
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The normalized amplitude and normalized power as a function of normalized
frequency are shown in Fig. 6a, b. With optimal parameters, the analysis shows that
the amplitude of the primary structure can be reduced substantially while at the
same time allowing for harvesting of energy from the absorber across a wide band
of frequencies.

Table 1 Optimal parameters

Case a Cp ¼ Ce

l = 0.1 0.9 0.015

l = 0.15 0.882 0.01
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Fig. 6 a Frequency response
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5 Conclusion

In this work, a pendulum dynamic absorber for buildings as an energy harvesting
device is analyzed. The objective is to reduce the building (primary structure)
vibration while also harvesting energy from the pendulum absorber. Parametric
analysis of the frequency ratio of the pendulum with the primary structure, pen-
dulum damping ratio, and electrical damping ratio was carried out. Optimal
parameters were then obtained from GA optimization. The following points can be
noted from the present study.

1. The power curve of the pendulum harvester shows a double peak, which
indicates broadband energy harvesting possibilities.

2. The harvested power can theoretically reach infinite value for infinite electrical
damping ratio. However for practical cases, where the pendulum absorber mass
is much less compared to the primary mass, maximum electrical damping can be
chosen equal to the pendulum damping.

3. Energy harvesting introduces electrical damping, which reduces the high
damping requirement of the pendulum absorber to reduce the building (primary
mass) amplitude.

Future work will include the effect of pendulum nonlinearity on optimal per-
formance and the experimental demonstration with a building model.
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Part III
Condition Assessment and Performance

Evaluation



Seismic Fragility Analysis of Highway
Bridges in India Considering Evolution
of Seismic Code Provisions—
A Case Study

Shivang Shekhar and Jayadipta Ghosh

Abstract Periodic advances in seismic design codes, and bridge detailing and
construction practices across different nations are a common manifestation of the
lessons learned from past earthquakes. The structural deficiencies are addressed in
prevailing design standards through improved estimates of seismic forces and
reinforcement detailing to better withstand the next seismic event. Similarly, a
history of damaging earthquakes in the Indian subcontinent has led to significant
upgradation in provisions of seismic code for highway bridge design. Bridges
designed as per such varied design methods must be evaluated for vulnerability
estimation for future earthquakes. However, there is a marked absence of such
seismic vulnerability evaluation frameworks for highway bridges within the
country. The present study investigates the impact of seismic code provisions on
seismic performance and probability of failure using fragility curves. Significant
improvement in performance is observed compared to non-seismic design for the
case-study bridge when seismic design principles are adopted.

Keywords Seismic design codes � Ground motions � Fragility curves
IRC provisions

1 Introduction

Over the past several decades, seismic design principles for highway bridges in
India have undergone substantial changes, ranging from a little to no consideration
of earthquake effects to the adoption of modern ductile detailing principles. Bridges
designed as per such varied design methods must be evaluated to review the dif-
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ferences in their seismic performance as well as failure probability through a sys-
tematic comparison of seismic fragility curves. The poor performance of highway
bridges within India has been revealed multiple times during past earthquake
events, for example during the 1984 Cachar earthquake in Assam, the 1997
Jabalpur earthquake, the 1999 Chamoli earthquake and the 2001 Bhuj earthquake,
among others. Given the uncertainty associated with ground motions, it is critical to
estimate the seismic vulnerability of highway bridges built across different design
eras using probabilistic methods and develop a framework to aid bridge infras-
tructure owners for bridge rehabilitation and retrofit prioritization. However, seis-
mic reliability assessment of highway bridges in India using probabilistic methods
is still in its infancy. Among the limited literature available, only recently Goswami
and Murty [1] have reviewed, albeit deterministically, the seismic vulnerability of
reinforced concrete (RC) bridge piers designed with IRC provisions.

Addressing such drawbacks and present needs, this paper traces the evolution of
seismic code provisions within India and conducts subsequent impact assessment
on the seismic vulnerability of highway bridges using fragility curves. These curves
are conditional probabilistic statements which indicate the likelihood of bridge
failure given the intensity of seismic shaking. In this study, seismic fragility curves
corresponding to different design eras are developed and compared for a repre-
sentative two-span single-column integral box girder case-study bridge located in
the high seismic zone (Zone V).

The next section of the paper elaborates on the evolution of seismic codes for
highway bridges in India. Next, the representative case-study bridge along with its
analytical model is introduced, followed by the identification of the characteristic
failure modes during earthquake events. Subsequently, seismic fragility curves are
developed and compared across different design cases. The paper ends with key
conclusions and recommendations for future work.

2 Evolution of Seismic Design Codes for Highway
Bridges in India

The extensive damage of bridges all over the world has greatly influenced the
earthquake design principles and seismic code provisions. Within India, while the
Indian standards IS 1893 published by Bureau of Indian Standards historically
provides the general seismic loading criteria for structures, design and construction
of highway bridges in India have been primarily governed by the Indian Road
Congress (IRC) Specifications. The IRC: 6 publication, which provides guidelines
for loads and stresses (including seismic loads) for highway bridges, has undergone
several revisions in the last five decades. The first three versions of IRC: 6 till IRC:
6-1966 [2] did not perceive the seismic provisions of IS 1893 code and only
specified a lateral force of 5–10% of total gravity loads in earthquake-prone regions
of the country. The IRC: 6-1966 was amended in the year 1981, and seismic zone
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map and provisions were adopted from IS: 1893-1975 code. The horizontal design
earthquake load on the bridges was now calculated based on seismic coefficient
method. The equivalent static horizontal seismic force (Feq) on the bridge is
specified as follows:

Feq ¼ aobkW ð1Þ

where a0 is the horizontal seismic coefficient (recommended as 0.01, 0.02, 0.03,
0.04 and 0.08, respectively, for zones I to V), k is the importance factor (1.0 for
regular and 1.5 for important bridges), b is the soil-foundation system factor and
W is the seismic weight. The fourth revision of IRC: 6 came in the year 2000
without any further modifications to the existing seismic provisions. Goswami and
Murty [1] have critically reviewed the clauses of IRC: 6-2000 [3] and the respective
concrete design code IRC: 21-2000 and IRC: 78-2000 [4, 5] and concluded that the
Indian bridges are under-designed for seismic load as per IRC provisions due to low
level of design force as compared to other international provisions. The flexibility
and dynamic behaviour of the bridge were also not considered while calculating
design seismic force for bridges. Additionally, the general design specifications
were based on the working stress method (WSM) were not adequate. While pro-
visions for shear design for column and compression member even under lateral
loading were absent, detailing provisions were included for transverse reinforce-
ment. A closer look reveals that such detailing provisions were inadequate, thereby
rendering the performance of bridges inadequate under seismic loading. Thus,
design specifications until 2000 advocated only flexural strength design, and ductile
detailing and capacity-based design remained unaddressed.

Following the Bhuj earthquake in 2001, the IRC: 6-2000 [3] was amended in
2003 with interim provisions [6], following the IS: 1893-2002 [7] seismic provi-
sions. As per this code, the Indian land mass is divided into four zones and the
horizontal seismic coefficient is modified depending on the flexibility of the
structure. The design horizontal seismic force is calculated as follows:

Feq ¼ AhW ; where Ah ¼ Z
2
I
R
Sa
g

ð2Þ

where Ah is the design seismic coefficient, Z is the zone factor, I is the importance
factor and Sa/g is the average response acceleration coefficient which depends on
the time period of the structure and soil condition. The response reduction factor
(R) which depends on the ductility of the member is assigned a value of 2.5,
regardless of the bridge component. It is noted that this code still followed the
WSM design philosophy (IRC: 21-2000 and IRC: 78-2000), but for ductile
detailing, IS: 13920-1993 was recommended which specifies ductile detailing cri-
teria for buildings.

The fifth revision of IRC: 6 came in the year 2010 wherein the value of R was
rationalized depending upon type of substructure and bearing and also the bridge
importance factor. This code, however, still followed the WSM design philosophy.
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The sixth and latest revisions of IRC: 6 [8] came in the year 2014 after the pub-
lication of IRC: 112-2011 [9] which is based on limit state method (LSM) of design
in the year 2011. The response reduction factor R was further rationalized
depending on the ductility of the member, and furthermore, the cracked moment of
inertia is used for the calculation of the time period. Ductile detailing of bridges, in
line with the provision of IRC: 112-2011 [9], was also introduced for the first time.
A description of representative cases considered in this study depending on the
level of seismic force, method of design and detailing practices is summarized in
Table 1.

To investigate the impact of different design provisions on seismic vulnerability,
this study considers a representative case-study bridge. The bridge description,
analytical modelling and fragility assessment are discussed next.

3 Representative Case-Study Bridge

3.1 Bridge Description and Geometry

This study considers a two-span single-column box girder integral bridge having
span length of 30 m as shown in Fig. 1. The nominal (i.e. design) concrete strength
of the substructure and superstructure is 35 and 40 MPa, respectively. The dead
weight of superstructure is 166.67 kN/m which produces a gravity load of 5000 kN
on the reinforced concrete bridge column. The diameter of the column is 1.8 m, and
reinforcement layout is shown in Fig. 1. The lateral seismic forces are determined
as per different version of IRCs with an assumption that the bridge lies in seismic
Zone V (very severe earthquake risk) and belongs to the seismic class of important
bridges. The bridge column is designed for four seismic design cases identified
earlier (Table 1).

Table 1 Classification of design cases

Cases Level of
seismic force

Design
principle

Reinforcement detailing
philosophy

Codes/guidelines

Case 1 Nil WSM Non-ductile IRC: 6-1966

Case 2 Low WSM Non-ductile IRC: 6-2000
IRC: 21, 78-2000

Case 3 High WSM Ductile IRC: 6-2000
(Amended in 2003)
IRC: 21, 78-2000
IS 13920

Case 4 High LSM Ductile IRC: 6-2014
IRC: 112-2011

484 S. Shekhar and J. Ghosh



3.2 Analytical Modelling of Bridge

As typical of integral bridges, this study assumes that the seismic fragility of the
case-study bridge is primarily dictated by the vulnerability of RC columns. The
contribution of abutment to the overall bridge fragility is considered to be minimal,
and superstructure is assumed to remain elastic during an earthquake. The
case-study bridge is modelled as 2D stick/beam-column element with superstruc-
ture mass lumped on the top of the bridge column along with its self-weight. The
column section is modelled with NonLinear Beam Column element in OpenSees
[10] using the fibre section approach with distributed plasticity, consisting of cir-
cular concrete patches and circular layers of reinforcement. The concrete, both
confined and unconfined, is modelled using the Concrete01 properties in OpenSees.
The longitudinal reinforcement is modelled using Steel02 material properties with
strain hardening ratio of 0.018. The fibre-based modelling of RC section can only
consider interaction between biaxial bending and axial force, and the effect of shear
deformation which can be crucial in case of non-ductile column is not a part of this
fibre-based model. The Section Aggregator command is used to “add” the shear
deformation behaviour to the existing fibre section. An elastic-perfectly plastic
shear force-deformation (V-c) behaviour is assumed with an elastic slope equal to
GAs, where G is the shear modulus and As is the effective shear area. The calculated
shear strength (V) of a section depends on the grade of concrete and steel, amount of
transverse reinforcement (as per the different design eras) and axial load. The
aggregated section can accommodate axial, bending and shear behaviour.

Fig. 1 Representative
case-study single-column
integral box girder bridge
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3.3 Identification of Failure Modes for Four Different
Designed Eras’ Bridge Column

In order to identify the type of failure modes for four different designed eras’ bridge
column, this study utilizes the conceptual model proposed by ATC-6 [11] which
describes the relationship between shear strength and displacement ductility. As per
this model, as lateral drift increases, the flexure-shear cracks widen and the concrete
mechanism of shear transfer degrades due to loss of aggregate interlock, resulting in
decrease in shear strength with increasing ductility. Three possible failure modes of
columns subjected to lateral displacement can be identified, as shown in Fig. 2. The
failure mode can be identified by using the displacement ductility-based predictive
shear strength model [12–14] and then comparing with shear force demands
obtained from static pushover analysis of the bridge column. It is observed that
significant variation exists between various shear strength models and the possi-
bility of failure modes depends on the chosen strength prediction model.

This paper considers the model proposed by Priestley et al. [12] to calculate the
shear strength of the bridge column as function of displacement ductility, as
commonly adopted by similar other studies [15, 16]. As per this model, the shear
strength Vn is calculated as the summation of shear carried by concrete Vc, shear
carried by transverse reinforcement based on truss mechanism Vs and shear
enhancement due to axial load on the column Vp.

Figure 3 shows the comparison of shear strength model and flexural strength
capacity curve as function of displacement ductility lD for the case-study bridge
column designed as per Case 1 and Case 2 (Table 1). The type of failure mechanism
is identified in accordance with the classification of ATC-6 described earlier
(Fig. 2). The figure reveals that for Case 1, the bridge column fails in flexure-shear
mode, while Case 2 column fails in pure shear mode as displacement ductility
demand increases. Due to limited longitudinal rebars in Case 1, the reinforcements
initially undergo flexural yielding before shear failure. Although the Case 2 bridge

Fig. 2 Classification of
column failure modes [11]
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column is designed for seismic forces corresponding to the design era, the bridge
column primarily fails in shear due to inadequate transverse reinforcement because
of non-ductile detailing.

On the contrary, for the Case 3 and Case 4 bridge column the predominant
failure mode is flexure due to closely spaced transverse reinforcement (ductile
detailing), which in addition to enhancing the shear strength, also confines the core
concrete. Analysis also reveals that even though the amount of longitudinal rein-
forcement is more in Case 3 due to lower value of response reduction factor
R resulting in higher seismic forces, its displacement ductility capacity is less than
the Case 4 bridge column; thereby, Case 4 column will respond better than Case 3
column in case of seismic event. For further analysis, this study will examine
seismic vulnerability of shear-critical column (non-ductile Case 2) and
flexural-critical column (ductile Case 4) using fragility curves.

4 Seismic Fragility Analysis

Seismic fragility curves are a fundamental tool for seismic vulnerability assessment
methodologies and are used to assess potential seismic damage to bridges for a
given seismic hazard level. It describes the probability that the seismic demand
(D) placed on the structure exceeds the capacity (C) conditioned on a chosen
intensity measure (IM) representative of the seismic loading. The following sections
will elaborate on the ground motion selection for nonlinear time-history analysis of
bridge models, followed by the fragility analysis using column capacity distribu-
tions and probabilistic seismic demand models of bridge columns for shear-critical
(non-ductile) and flexural-critical (ductile) bridge columns.

Fig. 3 Comparison of shear
strength and flexural strength
capacity for Case 1 and
Case 2
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4.1 Selection of Ground Motions

Selection of ground motions plays an important role in the development of fragility
curves for highway bridges. Several studies have shown that the record-to-record
variability of ground motions is the primary contributor to the aleatoric randomness.
Thus, fragility curves are likely to be sensitive to the ground motion selection. Since
the real recorded ground motion for Northeast India (Zone V) is insufficient in
number, additional sources of data need to be explored. In addition to the few
available earthquakes records of this region, recorded acceleration time histories
from other parts of the world having similar fault mechanism, site condition and
seismic potential as that of Northeast India are selected. The initial selection criteria
for ground motion is decided based on the maximum earthquake magnitude
potential (5.0–7.5 Mw), distance from the nearest fault (10–30 km), fault mecha-
nism (normal, strike-slip, reverse) and site conditions (shear wave velocity 180–
1500 m/s). These criteria are representative of the Northeast India and are selected
based on past literature. The next criterion is based on the minimum seismic
intensity level they have so that a bridge experiences some level of seismic damage
under the effect of selected ground motions. Therefore, ground motions having
PGA < 0.05 g and PGV < 15 cm/s are filtered out. The last criterion is applied on a
number of records per event which is limited to four to avoid event-based bias.
A total of 48 ground motions are finally selected based on the above-mentioned
criteria from the recorded ground motions from different parts of the world avail-
able in PEER NGA database [17]. Further 17 records are selected from past
earthquakes records of Northeast India applying the criteria that PGA > 0.05 g and
not more than four records are selected from the same event.

The selected 65 records are normalized based on FEMA guidelines [18]. As per
this method, individual records of a given set are normalized by their peak ground
velocities (PGV). Normalization by PGV is an easy and simple way to remove
unwarranted variability between records due to inherent difference in event mag-
nitude, source type and site condition, distance to source while still maintaining the
inherent record-to-record variability necessary for accurately predicting fragility.
After normalization, the average response spectrum of all 65 ground motions was
scaled so that its PGA matches with the design spectrum PGA specified in Indian
seismic code IS: 1893-2002, as shown in Fig. 4. The PGA distribution of selected
ground motion is also shown, and it varies from 0.06 to 0.69 g.

4.2 Seismic Fragility Curves

Typical of seismic fragility analysis, the seismic demand is compared with the
component capacity for different limit states to develop fragility curves. Several
researchers [15, 16] have defined limit state capacities of bridge columns. However,
these recommendations cannot be used for Indian code-designed bridge columns
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due to differences in material properties, construction qualities, loading condition
and other parameters. Therefore, as per the recommendation of HAZUS [19]
pushover analysis was carried out to define limit state capacities. Using the vari-
ability in material strength of concrete and steel, random samples were generated
and pushover analysis was carried out to determine various limit states.

Since the non-ductile (Case 2) bridge column fails in shear (brittle failure), only
one damage state, i.e. collapse, is defined which corresponds to the displacement/
drift in pushover curve when force reaches its design shear strength. For the ductile
bridge columns, limit states are defined in terms of curvature ductility as the failure
mode is flexure. Four damage states are defined viz. slight, moderate, extensive and
collapse. Based on the work of Hwang et al. [15], these damage states are char-
acterized with respect to concrete compression and steel tension limits taken from
the literature. All the capacity limit states are fitted to a common probability dis-
tribution, and it is observed that lognormal distribution fits the data best. The
median (Sc) and dispersion (bc) of each of the four damage states of the two
considered cases are shown in Table 2.

The next step is the estimation of seismic demand. Each of the selected 65
ground motions is randomly paired with the 65 bridge models generated using Latin
hypercube sampling by considering uncertainty in material properties. A full

Fig. 4 Comparison of mean
spectra of scaled ground
motions with design response
spectrum of Indian seismic
code IS: 1893-2002 and
histogram of selected ground
motion suite

Table 2 Bridge column limit states

Limit states Slight Moderate Extreme Collapse

Sc bc Sc bc Sc bc Sc bc
Case 2 – – – – – – 0.1 0.47

Case 4 1 0.25 1.46 0.25 3.85 0.47 8.47 0.47

Note Limit states in terms of drift (%) for Case 2 (shear-critical) bridge columns and curvature
ductility for Case 4 (flexural-critical) bridge columns
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nonlinear time-history analysis is performed for each bridge ground motion pair for
both shear-critical (Case 2) and flexural-critical cases (Case 4), and maximum
demands on bridge column are recorded. Drift and curvature ductility are consid-
ered as demand parameters in non-seismic and seismic cases, respectively.
A probabilistic seismic demand model (PSDM) is developed to estimate the median
seismic demand using the relation given by [20]. The seismic fragility curves are
estimated as a lognormal distribution as shown below.

P D�C IMj½ � ¼ U
lnðIMÞ � lnðmediÞ

fi

� �
ð3Þ

where medi is the median of lognormal distribution for fragility and fi is the
dispersion of fragility.

Using the results of PSDM and median capacity limit states (Table 2), log-normal
parameters of fragility curves (median med and dispersion f) are calculated and are
shown in Table 3. Seismic fragility curves are plotted for both the cases and are shown
in Fig. 5. The median PGA value for collapse damage state in case of shear-critical
(Case 2 non-ductile) bridge is 0.33 g which is likely to be exceeded during earthquake
occurrences in very high seismic zones. However, significant reduction in the vulner-
ability is seen in bridge with latest seismic design principle (Case 4). This is primarily
due to the ductile detailing of the bridge columns which not only avoids brittle mode of
failure (shear) but also enhances its post-yielding deformation characteristics.

Table 3 Bridge fragility parameters (in units of PGA)

Limit states Slight Moderate Extreme Collapse

medi fi medi fi medi fi medi fi
Case 2 – – – – – – 0.33 0.35

Case 4 0.48 0.35 0.63 0.35 1.25 0.45 2.18 0.45

Note medi and fi are the median PGA and dispersion of ith limit state

Fig. 5 Seismic fragility
curves for Case 2
shear-critical (SC) and Case 4
flexural-critical (FC) bridge
design cases
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5 Conclusions and Future Work

The study presents the impact of evolution of seismic code provisions on seismic
vulnerability of highway bridges in India. Firstly, an overview of seismic design
practices for highway bridges across four different design eras is presented which
tracks the transition from outdated non-ductile to modern ductile detailing practices
and adoption of limit state design philosophies. To investigate the impact of seismic
code provision on seismic fragility, a representative case-study box girder
single-column integral bridge located in high seismic zone is considered.
Deterministic analysis on the four considered design cases reveals that the failure
mode and load-carrying capacity is governed by the percentage and spacing of
transverse reinforcement. Earlier codes which do not advocate ductile detailing,
bridge columns fail primarily in shear due to insufficient transverse reinforcement in
the potential plastic hinge region. In probabilistic approach also, using fragility
curves it is observed that for non-ductile detailed bridge column due to shear
failure, the probability of occurrence of collapse damage state is very high even at
very low intensity level. The vulnerability of seismic designed bridge is very low
even at high level of seismic intensity.

The study on the vulnerability of specific highway bridge reveals the importance
of seismic code provisions and highlights the need of vulnerability assessment of
class of older highway bridges located in seismically active region of the country.
Future studies will develop flexible parameterized fragility models for different
types of bridges which can be used for quick and precise assessment of bridge
fragility. Additionally, future work will also incorporate effect of ageing and
deterioration on the seismic vulnerability of highway bridges.
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Effect of Fire on Reinforced Concrete
Slab—Numerical Simulation

M. K. Haridharan and C. Natarajan

Abstract Buildings are often exposed to elevated temperature due to lack of fire
safety, sabotages, etc. A recent survey about India’s risk says that fire has been
rated among top three risks by most of sectors across India. The study investigates
the influence of cooling condition on concrete slab exposed to fire. The variables
considered for the study are thickness of slab 125 mm, retention period of one-hour
and four-hour, subjected to temperature of 300, 400 and 500 °C, and two types of
cooling regimes like air cooling and quench cooling. The slab which was exposed
to temperature of 500 °C for four-hour duration had temperature of 143 °C at the
unexposed surface which is marginally less than the allowable limit, but other slabs
reveal good resistance to insulation. The reduction in flexural stiffness of concrete
slab exposed to 500 °C for four-hour retention period was 28.67 and 37.89% for air
cooled and quench-cooled specimens, respectively. The irrecoverable loss in flex-
ural stiffness of concrete slab was influenced by the retention period, exposed
temperature and cooling regimes.

Keywords Concrete slab � Fire severity � Flames � Heat transmission
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1 Introduction

The development of a nation depends on its infrastructure facilities. India witnessed
remarkable development in the infrastructure sector during 2002–2017 with
Government investing US $1.9 trillion [1]. The major fundamental concern during the
design of structures is to ensure adequate safety of its occupant under normal as also
under accident loads (fire, blast, impact, etc.). Fire risk is ranked as the second after
natural hazards in the infrastructure sector in India [2]. During 2014, the total number of
people deceased due tofire accident was 19,513 out of 20,377 victims, ofwhich 20% of
fire accidents had been taken place in residential/dwelling buildings [3]. Statistical
survey indicated an upward trend in the number of incidence of fire almost in all
countries of the world and tends to havemore incidences in highly populated countries.
The efforts made for reduction of the occurrence offire accidents in residential/dwelling
units by the Government agencies and Building Fire Research Centre (BFRC) in the
country have been a challenging due to the suddenvertical growthof the country and the
proliferation of high-rise buildings due to increasing population.

Several researchers studied the strength variation of concrete cube under various
parameters including stressed and unstressed conditions, replacing aggregate and
testing the sample during hot and cold condition. These studies constituted the
scientific base for developing design curves adopted in design codes [4–11].

An extensive study had been carried out experimentally and numerically by
researchers over the last decades on restrained reinforced concrete (RC) slabs [12],
involving investigation of the additional load-carrying capacity of the slabs sub-
jected to fire [13–15].

The current design codes andmost of the research articles consider the effect of heat
up phase only on structural elements but the effect of cool-down phase was not
considered. Literature review reveals a paucity of experimental data on the effect of
different cooling regimes, the influence on effect of crack formed during heating stage
and residual strength of concrete slab exposed to elevated temperature. Concrete
specimens cooled with water for a short period showed a drastic variation in residual
strength, when the temperature exposed was more than 200 °C [16–18]. Some
researchers concluded that if early-aged concrete was fire-damaged, it could regain its
strength when placed in proper moist environment [9, 19, 20].

2 Finite Element Method and Material

Analytical investigation has been carried out to study the behaviour of reinforced
concrete slabs using finite element analysis software ABAQUS 6.11. [21]. An
effective mathematical model is one that yields the required solution with satis-
factory accuracy and with least cost in terms of computer run-time. The accuracy of
modelling depends upon the mathematical model, material properties and appro-
priate mesh size.
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2.1 Geometrical Modelling

In the reinforced concrete slab, concrete has been modelled for the actual dimen-
sions using 3D solid element, and the reinforcement was modelled as the truss
element. The usage of 3D beam and 3D shell element was not possible due to
constraints and limitations to capture real behaviour. In the 3D beam element, it was
unable to perform heat transfer analysis along the cross section. In 3D shell ele-
ment, the reinforcement was introduced by using a rebar command. Transfer of the
temperature degrees of freedom to this rebar layer did not occur in this case.

2.2 Material Properties

Numerical tools are heavily dependent on the material definitions provided as input;
hence, to assess the adequacy of numerical methods and to capture the behaviour of
reinforced concrete at elevated temperature, a thorough investigation of the material
models at ambient and elevated temperatures is required. The temperature-
dependent thermal properties of steel such as density, conductivity, specific heat
and thermal expansion of steel were considered from the equations, and values
provided in the Eurocode 3 [22] are shown in Table 1. Similarly the
temperature-dependent thermal properties of concrete were considered from the
equations, and values provided Eurocode 2 [23] are also shown in Table 1.

In numerical modelling, the residual mechanical properties of reinforcement
were considered from Eurocode 3 [22]. In the case of mechanical properties of
concrete, the variation in compressive strength was considered from the previous
study [18] for other missing data values specified in Eurocode [22, 23] were
considered.

2.3 Element Type

The sequentially coupled analysis method was used for the present study. It is a
multiphysics analysis where heat transfer analysis was carried out separately and
the temperature from the heat transfer analysis was predefined into the mechanical
analysis as a scalar nodal value. An eight node linear heat transfer brick element,
DC3D8 for concrete and two node heat transfer link element, DC1D2 for rein-
forcement were considered for thermal analysis. In the case of stress analysis, an
eight node tri linear displacement and temperature, reduced integration 3D solid
element, C3D8RT and a two node linear displacement and linear temperature 3D
truss elements, T3D2T was considered for concrete and reinforcement respectively.
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2.4 Contact Pair and Interaction Between Concrete
and Steel

Interaction: Thermal analysis—Tie constraint was used for contact between steel
and concrete. Mechanical analysis-Embedded constraint was used to establish the
contact between steel and concrete.

2.5 Boundary Conditions and Load Application

Thermal analysis was performed by taking into account of radiation at the exposed
and unexposed surface of the slab, convection through air was considered on all the
unexposed surfaces, conduction was considered with in the concrete element and
measured temperature was provided as an input. Temperature at unexposed surface
was calculated at any time by considering heat transfer through radiation, con-
vection with air and conduction. The interactions with the environmental temper-
atures are considered on the unheated (top) surface. The unheated surface
interactions for radiation are emissivity of the concrete surface = 0.9 and Stefan–
Boltzmann radiation constant = 5.669 � 10−9 W/m2 K4. The convective heat
coefficient is defined by the value 25 W/m2 K. Reinforced concrete slab with one
end free and other end fixed against all rotational and translational degrees of
freedom was considered for the mechanical analysis are as shown in Fig. 1. The
incremental load applied in the form of pressure load on the concrete surface for a
small strip is shown in Fig. 1.

Fig. 1 Boundary condition
—mechanical loading
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2.6 Mesh Convergence Study

Meshing is an important part of finite element analysis. The use of solid elements
for modelling structural bending is not as accurate as beam elements. In the process
of analysis, special attention should be given to locating the most appropriate and
efficient element density for accurate prediction. Finding the most appropriate and
efficient mesh size depends largely on computational resources, and as the mesh
gets finer more computational resources are needed for the analysis. So the capa-
bility of the computer is a main factor to determine mesh density. Finding the most
appropriate and efficient mesh size depends largely on computational resources, and
as the mesh gets finer, more computational resources are needed for the analysis. So
the capability of the computer is a main factor to determine mesh density. A mesh
convergence study is done on the reinforced concrete beam. A simply supported
beam of span 4.00 m with cross section of 230 mm wide and 300 mm depth was
modelled. The beam was subjected to a uniformly distributed load. The beam was
subjected to a uniformly distributed load. The beam was then meshed with different
mesh densities, and the midspan deflection of experimental and analytical was
compared with the variation in results for various mesh sizes as shown in Fig. 2.
The mesh size of 25 mm was adopted throughout the modelling.

2.7 Validation of Finite Element (FE) Model

The FEA methodology adopted for the present investigation was validated to ensure
accuracy of the results obtained from the analysis. The experimental results of Ref.

Fig. 2 Percentage variation
versus number of layers along
depth
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[13] were used for validation of mechanical. Numerical modelling was undertaken
based on the properties detailed in Table 2, and the midspan deflections are com-
pared and presented in Table 3. All the temperature-dependent materials properties
were considered from the Eurocode [22, 23] and for steel and concrete,
respectively.

2.8 Limitation of the Modelling

The limitation of this study is as follows:

(a) Spalling effects of concrete are not modelled.
(b) The slip between the materials concrete and reinforcing steel is not taken into

account.

Table 2 Details of the test specimen used for the validation of FE model

Slab length 4.7 m

Span centre to centre 4.5 m

Exposed length 4.0 m

Cube strength (NWC) 30 N/mm2

Live load 1.5 kN/m2

Width 0.925 m

Thickness 0.150 m

Rebar 8 mm diameter

No. of bars 10

Yield strength for steel 460 N/mm2

Temperature ISO-834 fire

Support condition Simply supported on two sides & free on the other two sides

Table 3 Comparison of FEA
results with experimental data
[13]

Time
(min)

Live load
(kN/m2)

Midspan deflection (mm)

BRE
slab

FEM Error
%

30 – 81.92 78.01 4.77

30 1.5 83.73 80.10 4.44

60 – 131.56 130.15 1.08

60 1.5 136.74 138.34 −1.17

90 – 168.86 169.24 −0.22

90 1.5 184.16 185.11 −0.51
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3 Results and Discussion

The finite element analysis software ABAQUS was used efficiently to study the
influence of temperature, cooling condition and duration of exposure. The mod-
elling considered the influence of material nonlinearity and geometric nonlinearity
which were validated by the experimental study. The influence of cooling condition
was considered by using appropriate strength reduction factor for concrete and
reinforcement.

The detailed identification of slabs exposed to various temperatures and dura-
tions is shown in Table 4. After exposure to the desired temperature and duration,
the specimens were subjected to cooling regimes.

3.1 Temperature Distribution at Top and Bottom Surfaces
of the Slab

In the case of slab element is considered, bottom surface of the specimen was
exposed to the fire while the other surfaces were open to atmospheric condition.
The variations in the average temperature at top and bottom surfaces of slabs were
obtained through the thermal analysis of slabs. The temperature variation within top
surface of the slab was very scanty.

Eurocode [23] put forward two sets of failure criterion based on insulation.
A slab is said to fail when the following conditions occur: (a) the average tem-
perature rise over the whole of the non-exposed surface is limited to 140 °C.
(b) The maximum temperature rise at any point of that surface does not exceed
180 °C. Figure 3 provides information about an insulation check for slabs. The
S3-4h slab exceeds the specified limit for insulation, while other specimens show an
acceptable performance over insulation criteria.

3.2 Vertical Deflection of Concrete Slab During Heating

The slab started deflecting vertically away once the temperature was applied from the
bottom. The magnitude of the vertical deflection depends on exposed temperature

Table 4 Description and detail of concrete slab

Sl.No Identification marking Description

1 S1-D/Q-1 h/4 h S1—slab of thickness 125 mm subjected to 300 °C

2 S2-D/Q-1 h/4 h S2—slab of thickness 125 mm subjected to 400 °C

3 S3-D/Q-1 h/4 h S3—slab of thickness 125 mm subjected to 500 °C

D air cooled, Q quench cooled, (1 h—one hour, 4 h—four hour)—duration of exposure
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and the duration of exposure. The vertical deflection of the 125-mm-thick concrete
slab subjected to 300 °C reached 8.01 mm at 155 min. The variation of vertical
deflection with times was found to be inconsequential. The failure criteria
of flexural members based on deflection was considered in accordance with
BS 476–20:1987 [24]. The ratio of ultimate deflection recorded during heating to the
allowable deflection criteria as stated above was compared as shown in Fig. 4. The
slabs’ ultimate deflections were within the specified limit of British standard limits.

Fig. 3 Insulation check for
concrete slab

Fig. 4 Ratio of ultimate
deflection during heating
phase to BS 476-20:1987
code
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3.3 Mechanical Loading—Residual Strength

The residual load versus deflection of 125-mm-thick concrete specimens which was
subjected to elevated temperature and subsequently subjected to air cooling and
quench cooling is shown in Figs. 5 and 6, respectively. The normalized load versus
deflection graph clearly depicts the behaviour changes for 4-h exposure at various
temperature and cooling conditions. All the tested slabs achieved the working load
and ultimate load equal to the control specimen, but there were variations in the
deflection of the slab at a specific load. The reductions in residual flexural stiffness
of concrete slab for various heating and cooling conditions were shown in

Fig. 5 Normalized load
versus displacement of
125-mm-thick concrete slab
—air cooled

Fig. 6 Normalized load
versus displacement of
125-mm-thick concrete slab
—quench cooled
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Figs. 7 and 8. The percentage reduction in flexural stiffness was 1.54, 2.13 and 3.13
for S1–S3, respectively, for 1 h of exposure under air cooled condition.

In the case of 4 h of exposure under air cooled condition, the reduction in
flexural stiffness was 8.4, 18.11 and 28.67% for S1–S3 slabs, respectively. The
reductions in residual flexural stiffness of quench-cooled concrete slabs were 1.89,
3.12, 4.11 for S1–S3 slab, respectively, under quench-cooled condition. Similarly,
for 4 h of exposure, the loss in stiffness was 13.10, 26.06 and 37.89% for S1–S3,
respectively. The present study shows the cooling regimes having an influence on
the residual flexural stiffness. Quench cooling on slabs has adverse effect on the
flexural stiffness of the member due to the thermal shock which lead to the
development of cracks at unexposed surface during quenching [18, 19].

Fig. 7 Stiffness reduction in
concrete slab for subjected to
—air cooled

Fig. 8 Stiffness reduction in
concrete slab subjected to—
quench cooled
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4 Conclusions

The study reveals the reduction in flexural stiffness of concrete slab exposed to
various temperature, retention periods and also the influence of cooling regimes.

• An insulation criterion is most important for the slab element as it has to perform
as a vertical separation element too. S3-4h-(D&Q) specimen fails in these cri-
teria but other slabs reveal good resistance to insulation.

• The deflection ratio was found to increase from 0.14 to 0.44 for 1 h of exposure
under 300–500 °C of temperature. In the case of a 4 h of exposure, the
deflection ratio varied from 0.21 to 0.63. The ratio was minimum for 200 °C and
maximum for 500 °C.

• In the case of one-hour retention period for temperatures 300–500 °C, loss in
stiffness was less than 5% for both the types of cooling conditions.

• The reduction in stiffness percentage for four-hour retention period was 8.4–
28.67% for air cooled person. Similarly in the case of quench-cooled specimen,
reduction in flexural stiffness percentage was 13.10–37.89% for S1–S3 slab.

• The impact of different cooling methods was observed by the variations found in
residual flexural stiffness. The reduction in flexural stiffness depends on the
exposed temperature and cooling regimes.
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Change in Microstructure Properties
of Concrete on Accelerated Carbonation

Vineet Shah, Geetika Mishra, Anuj Parashar and Shashank Bishnoi

Abstract Carbonation of concrete is a complex physicochemical process. The
overall volume of the system changes due to carbonation of different hydration
products. During carbonation, t products formed on conversion of calcium
hydroxide have a higher volume as compared to the initial products, thus the
surplus volume fills up the empty space in the capillary system, resulting in a
reduced porosity. Supplementary cementitious materials (SCMs) consume calcium
hydroxide by pozzolanic reaction, which is the majorly responsible for high alka-
linity. Volume change due to CSH transformation is most uncertain, and the type of
polymorph formed depends on the calcium-to-silica ratio and water content of the
silica gel. Therefore, the change in the microstructure of concrete due to carbon-
ation depends upon the type of cement. In this study, the effect of accelerated
carbonation on the microstructure of concrete, made from different cements, was
analysed. Change in properties of concrete such as porosity, sorptivity and per-
meability with carbonation was studied. Accelerated carbonation was carried out at
1 and 3% CO2 concentration. From the results, it can be inferred that irrespective of
the type of cement used, the porosity of the system increases on carbonation.
Similarly, results were also obtained for sorptivity and air permeability.
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1 Introduction

The hydration reaction of Portland cement produces calcium hydroxide (CH) and
calcium silicate hydrate (CSH) as the main hydration phases. The hydration
products of cement form a highly alkaline pore solution in concrete. In the alkaline
environment, the stable compounds of iron form a thin protective oxide film around
reinforced steel embedded in concrete. This layer does not stop the corrosion
reaction but reduces the rate of corrosion to an insignificant level [1]. On replacing
clinker with supplementary cementitious materials (SCMs), calcium hydroxide
produced from clinker hydration is consumed and more CSH is produced, resulting
in reduced alkalinity of the system. The reduced alkaline content results in disin-
tegration of protective oxide layer on reinforcement, thus making it susceptible for
corrosion because of carbonation. Carbonation is a complex physicochemical
process. The carbon dioxide diffuses from the atmosphere into capillary pores of the
concrete. Carbon dioxide dissolves in pore water forming carbonic acid which
reacts with the dissolved ions of hydration products available in pore solution [2].

The overall volume of the system changes due to carbonation of different
hydration products. The change in porosity of the system because of carbonation
depends upon the type of phase being carbonated [2, 3]. As a general notion,
carbonation is known to reduce the porosity of system by conversion of calcium
hydroxide into different polymorphs of calcium carbonate. Carbonation of ettringite
leads to increase in pore volume, whereas change in volume because of carbonation
of CSH depends upon the Ca/Si ratio [2]. Numerous studies have reported reduction
in porosity of Portland cement on carbonation and increase in porosity of blended
cement [4–6]. Inconsistency exists in the understanding of changes in microstruc-
ture because of carbonation.

This study aims at examining change in microstructure properties of concrete
made using different types of cement on carbonation. Ordinary Portland cement
(OPC), Portland pozzolana cement (PPC), limestone-calcined clay cement (LC3)
and composite cement (CC) were used in the study. Porosity, sorptivity and air
permeability of the concrete samples were measured before and after carbonation.

2 Experimental Procedure

2.1 Materials

OPC was produced in laboratory by grinding clinker in a laboratory-scale ball mill.
PPC was produced by interblending 70% OPC and 30% fly ash in a ball mill. LC3

was produced having composition of 50% clinker, 31% calcined clay, 15% lime-
stone and 4% gypsum. All the above materials were ground individually and
thereafter intermixed in a ball mill to produce the blend. Similarly, CC was
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produced by interblending 50% clinker, 31% slag, 15% fly ash and 4% gypsum.
The chemical properties of the raw materials measured using X-ray fluoresce
spectroscopy (XRF) is shown in Table 1.

2.2 Casting and Exposure Conditions

Concrete was cast using all the four types of cement at two different
water-to-cement ratios of 0.45 and 0.35. Cylinder specimens having radius of 5 cm
and height of 10 cm were cast. After casting, the concrete samples were cured
underwater for 120 days. Prolonged curing period was selected to ensure complete
hydration of cement.

After the curing regime, the cylinders were cut in a disc having height of 5 cm.
Epoxy was applied on the circumference of the cylinders, leaving only two sides
exposed top and the bottom. Thereafter, the specimens were kept in a conditioning
room having temperature of 27 °C and relative humidity of 60% for 15 days. After
the end of conditioning period, specimens with 0.45 water-to-cement ratio were
kept in accelerated carbonation chamber having carbon dioxide concentration of
1%, at 27 °C and relative humidity 60%. Whilst specimens with 0.35 water-to-
cement ratio were kept in carbonation chamber having carbon dioxide concentra-
tion of 3%, rest all the parameters were same as the other carbonation chamber.

2.3 Methodology

The porosity was measured according to the guidelines described in ASTM C642,
whereas sorptivity was measured according to the guidelines mentioned in ASTM
C1585. The air permeability of the concrete samples was measured according
to specifications provided in Durability Index Testing Procedure Manual,
South Africa.

Table 1 Chemical analysis of raw materials

Clinker Limestone Gypsum Clay Fly ash Slag

Silica SiO2 21.07 11.02 2.77 51.60 58.82 32.26

Iron Fe2O3 4.32 1.55 0.36 1.15 6.19 1.93

Aluminium 4.65 2.53 0.62 36.13 30.62 23.16

Calcium 65.16 44.24 32.62 0.54 1.01 33.88

Magnesium 2.13 1.96 1.20 0.77 0.41 7.01

Sulphate 0.77 – 38.75 – 0.12 –

Sodium 0.38 0.50 0.06 0.10 0.19 0.010

Potassium 0.20 0.28 0.037 0.04 1.30 0.37

LOI 0.96 36.96 23.02 8.24 1.11 1.08
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3 Results

3.1 Porosity

The porosity was measured according to the guidelines described in ASTM C642.
The initial porosity of concrete, i.e. non-carbonated sample, was measured after the
end of conditioning period. The porosity of carbonated sample was measured at the
end of 4 months of exposure to accelerated carbon dioxide condition. The results of
porosity are shown in Figs. 1 and 2.

3.2 Sorptivity

Water absorption by concrete due to capillary suction was measured according to
guidelines provided in ASTM C1585. Only the primary sorption was measured for
the concrete samples. The sorption index was measured for non-carbonated and
carbonated samples. The results of the water absorption are shown in Figs. 3 and 4.
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3.3 Air Permeability

The air permeability of carbonated and non-carbonated sample was measured
according to the procedure described in Durability Index Manual. The results of air
permeability are shown in Fig. 5.
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4 Discussion

Carbonation depends upon numerous parameters such as temperature, relative
humidity, carbon dioxide concentration and type of cement. Carbon dioxide con-
centration and type of cement were varied in this study, keeping all the other factors
same. The extent of carbonation in a system along with compressive strength of the
concrete depends upon the pore structure characteristics of concrete. From the
results, it can be inferred that with carbonation the porosity of the system increases.
Irrespective of type of cement and carbon dioxide concentration, there is increase in
pore volume of the system. Porosity value of OPC at 0.35 water-to-cement ratio did
not change on carbonation. Similarly, results were also obtained from sorptivity and
air permeability of the carbonated samples. Sorptivity results of 90 days’ carbon-
ated samples are reported instead of 120 days for 3% carbon dioxide exposure
condition. Increased air permeability indicates that there is no clogging effect
because of deposition of carbonation products in pores, which might result in
reduced permeability. Typical carbonation reactions taking place in a cement sys-
tem are given below:

Ca OHð Þ2 þCO2 ! CaCO3 þH2O ð1Þ

3CaO:Al2O3:3CaSO4:32H2Oþ 6CO2 ! 3CaCO3 þ 3CaSO4:2H2O

þ 2Al OHð Þ3 þ 23H2O
ð2Þ

CxSHþ xCO2 ! xCaCO3 þ SiO2:tH2Oþ z� tð ÞH2O ð3Þ

Carbonation of CH results in increase in volume of the system due to formation
of calcium carbonate. The volume of the solid products increases by 11–14%
depending upon type of polymorph formed. Ettringite on carbonation reaction
produces calcium carbonate, calcium sulphate and alumina gel. The total solid
volume of the products formed is less as compared to the solid volume of ettringite.
CSH on carbonation forms calcium carbonate and silica gel. The solid volume of
the products formed depends upon the initial calcium-to-silica ratio and silica gel
formed. The removal of calcium ions from CSH leads to formation of Si–OH
groups. These silica chains condense with each other resulting in polymerization
[7, 8]. The volume of the silica gel produced depends upon the extent of poly-
merization. Cement containing CH in the system will lead to reduction of total
porosity of system on carbonation. But, as soon as the calcium hydroxide is con-
sumed, the calcium silicate hydrate and other phases present in the hydrated cement
start carbonating and result in increase of volume on carbonation. The results
obtained are in line with the explanation given above. The volume reduction caused
by carbonation of CH is much less as compared to volume increase caused by other
hydration products because difference in quantity present initially. Higher carbon
dioxide concentration leads to consumption of all the phases present in the hydrated
system simultaneously and thus increased porosity is observed even in OPC system

512 V. Shah et al.



where CH content is high. Also, the carbonation products are deposited on the
surface of CH crystals thus with time the amount of CH present in the pore solution
decreases.

5 Conclusion

Carbonation study was carried out on different types of cement, at different carbon
dioxide concentration and water-to-cement ratio, to understand the effect of car-
bonation on pore structure characteristics of concrete.

– The change in microstructure of concrete because of carbonation is related to all
the phases present in the system and not limited to a particular phase.

– Carbonation results in increased porosity of system, irrespective of type of
cement used.

– The water absorption of the concrete is increased because of carbonation.
Carbonation results in polymerization of silica gel, which results in coarsening
of pores. Thus, resulting in increased suction of water by capillary pores.

– The air permeability of the carbonated sample is more as compared to
non-carbonated samples; this is due to increased pore volume of the system.
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An Assessment of the Deterioration
of Flexural Capacity of a Pretensioned
Concrete Girder Due to Strand
Corrosion

G. Resmi, Amlan K. Sengupta and Radhakrishna G. Pillai

Abstract This paper illustrates the effect of chloride-induced corrosion in the
flexural capacity of a pretensioned concrete girder in an existing girder-and-slab
deck bridge. The numerical study of the time-wise variation of the flexural capacity
is based on a proposed model for the loss of cross-sectional area of the prestressing
strands. It was observed that almost 46% of the total area of strands can get affected
due to chloride-induced corrosion of the girder, by the end of its service life. The
corresponding flexural capacity of the girder gets reduced by 50% of its initial
capacity.

Keywords Chloride-induced corrosion � Flexural capacity � Girder-and-slab deck
bridge � Pretensioned concrete girder

1 Introduction

Pretensioned concrete bridge decks in coastal areas are prone to corrosion of
strands, which result in the deterioration of their flexural capacities. This may lead
to the reduction in estimated service life of a bridge. The bridge structures are
designed for a target service life of 100 years as per the codes of the Indian Roads
Congress. But many of the existing bridges are showing signs of distress even after
a few decades of construction. Several prestressed concrete (PC) bridge girders
including post-tensioned girders have failed in different parts of the world due to
corrosion of strands such as Ynys-y-Gwas Bridge at Wales (Ref. [1]).
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Normally, a strand in a pretensioned girder is protected against corrosion due to
the alkalinity of surrounding concrete (pH > 12.5) (Ref. [2]). However, even in
uncracked concrete, the strands are susceptible to corrosion mainly due to diffusion
of chloride ions, either from de-icing salts or from ambient atmosphere in bridges
located near coastal regions (Ref. [3]). The present study investigates the time-wise
variation of the flexural capacity of a pretensioned concrete girder in an existing
girder-and-slab deck bridge.

2 Research Significance

Pretensioned girders are used in fast-track construction of many bridges, urban
flyovers and other elevated transport structures. Assessment of the girders is nec-
essary to estimate the service life of such a structure. In coastal areas, the reduction
in the area of strands due to diffusion of chloride ions will lead to reduction of the
flexural capacity of a girder. In addition to reduction of area of the strands, there
will be losses of prestress due to the effects of elastic shortening, creep and
shrinkage of concrete and relaxation of steel. The present study provides a method
to quantify the reduction in flexural capacity with time, due to chloride-induced
corrosion and variation in concrete stresses due to the effect of losses in prestress.
With further validation of the model, the approach can be used in the management
of similar existing or newly built bridge decks.

3 Model for Corrosion Initiation

Chloride penetration through uncracked concrete can be treated as a diffusion
process following Fick’s second law of diffusion. The assumptions include concrete
to be homogenous, non-reactive and non-absorptive material. Based on the law, for
one-dimensional diffusion, the variation of chloride concentration through the cover
concrete with respect to time is given as follows (Ref. [4]):

@C
@t

¼ Dc
@2C
@x2

ð1Þ

Here, C (x, t) is the chloride concentration (kg/m3) at a distance x (mm) from the
surface at time t (years). Dc is the chloride diffusion coefficient for concrete
(mm2/year). The exact solution of Eq. (1) is given as follows:

Cðx; tÞ ¼ C0 1� erf
x

2
ffiffiffiffiffiffiffi
Dct

p
� �� �

ð2Þ
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Here, C0 is the surface chloride concentration (kg/m3) under equilibrium con-
dition. The symbol erf represents the error function.

The corrosion initiation time (t0) can be estimated from Eq. (2) with t = t0,
x = c (thickness of cover concrete) and C(x, t) = C(c, t0) = Cth (threshold chloride
concentration in kg/m3, for initiation of corrosion). The expression for t0 can be
obtained by transposing the terms of Eq. (2) as shown.

t0 ¼
c2 erf�1 C0�Cth

Cth

� �h i�2

4Dc
ð3Þ

4 Model for Loss of Area of Strand

For modelling the propagation of corrosion, a precise evaluation of the residual area
of a 7-wire twisted strand is not possible, considering the formation of random pits
along the periphery. A hypothetical model for the loss of area of a strand was
adopted as shown in Fig. 1.

It was assumed that corrosion will initially occur uniformly along the exposed
circumference of the outer wires of a strand, till 10% of the area of an outer wire
gets corroded. Subsequently, the inner portions of the outer wires and the central
wire will start corroding. The mathematical model for the same is as given below:

For t < t0;

Ap ¼ ð6� pu2
0Þþ ðp/2

i Þ ð4aÞ

For t0 � t � t1

Ap ¼ 6

ffiffiffi
3

p

4
þ 2p

3

	 

u0 � Dr1ð Þ2 þ 6u2

0
p
3
�

ffiffiffi
3

p

4

	 

þ pu2

i

� � ð4bÞ

For t < t1

(a) Uncorroded b) Corrosion initiation c) Subsequent

Fig. 1 Hypothetical variation
of cross-sectional area of a
strand
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Ap ¼ 6

ffiffiffi
3

p

4
þ 2p

3

	 

u0 � Dr1ð Þ2 þ 6

p
3
�

ffiffiffi
3

p

4

	 

u0 � Dr2ð Þ2

þ p ui � Dr2ð Þ2
ð4cÞ

where t1 ¼ t0 þ 0:10u0
r .

Here, Ap;u0, ui and r are area of one strand (mm2), radius of outer wire (mm),
radius of inner wire (mm) and rate of corrosion of prestressing wire (mm/year),
respectively. Dr1 and Dr2 represent the reductions in radii of outer and inner wires,
respectively.

5 Analysis of Girder

The design details of a typical pretensioned girder of the Panipat Elevated
Expressway on National Highway No. 1 were used for the analysis. It was assumed
that similar type of girders is used in the coastal regions of India. The cross section
of the girder at mid-span is shown in Fig. 2. At the mid-span, the girder consists of
four layers of strands at bottom (A, B, C and D) and one layer of strand at top (T),
having ultimate tensile strength in terms of stress (fpk) of 1861 MPa. The nominal
diameter of a strand was 15.2 mm. The initial prestress applied on each strand was
76.5% of fpk. It was observed based on tests that the tensile strength of a strand is
not affected by corrosion (Ref. [5]).

(a) Section

(b) Enlarged view of bottom showing location of strands 
60

55
55
55

A
B
C
D

Cast-in-situ slab

Girder
T

Fig. 2 Cross section of
girder at mid-span
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The section considered was composite, with grade of concrete for the precast
girder as M50, and that for the cast in situ slab as M45.

The assumptions made in the analysis of the girder are as follows.

1. The corrosion of strands is due to the ingress of chloride ions from the soffit of
the girder.

2. The long-term loss of prestress in strand in terms of stress, is independent of
corrosion.

3. Due to prestressing, there is no flexural cracking of the concrete under service
condition.

4. Since the area of a strand is small as compared to that of the bars used as
primary longitudinal reinforcement in reinforced concrete girders, the tensile
stress generated in the concrete cover due to the formation of rust and subse-
quent spalling of the cover is negligible. The bond between the twisted strands
and concrete is retained. However, this assumption may not be valid with
deterioration of concrete.

The geometric details of the composite section used for analysis are given in
Table 1.

5.1 Variation of Area of Stand and Effective Depth

The parameters required for computing the corrosion initiation time as per Eq. (3)
were adopted from Ref. [4] for very severe exposure condition (Table 2).

The results obtained from the analysis are as given in Table 3. Layers A and B
corrode during the target service life of the bridge.

The rate of corrosion (r) of prestressing steel wire was taken from the data of
linear polarisation resistance tests of wire specimens embedded in mortar (Ref. [6]).
The average corrosion current density (icorr) value obtained from the study was
converted into rate of corrosion in mm/year and was used in the present analysis.

Table 1 Geometric details of
section at mid-span

All dimensions in millimetres

Effective width of flange 2150

Depth of flange 200

Width of web 230

Depth of web 1800

Table 2 Input for analysis Threshold chloride concentration, Cth 0.83 kg/m3

Surface chloride concentration, C0 12 kg/m3

Diffusion coefficient of concrete, Dc 40 mm2/year

Rate of corrosion of prestressing steel, r 0.0493 mm/year
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The model for loss of area as per Eq. (4) was then used to calculate the propagation
of corrosion through the service life.

The variation of the total area of strands with time is shown in Fig. 3. The two
kinks in the curve correspond to the initiation of corrosion of Layers A and B.
Around 46% of the total area gets reduced due to very severe exposure condition
over a period of 100 years.

The reduction of total area of prestressing strands resulted in slight reduction of
effective depth for the section. The initial effective depth of the section was
1778.5 mm. The variation of effective depth with time is as shown in Fig. 4. The
effective depth reduces by 6.2%.

Table 3 Corrosion initiation time

Layer Effective cover (mm) No. of strands Initiation time (yrs)

A 60 6 16

B 115 8 49

Fig. 3 Variation of area of
strands with time

Fig. 4 Variation of effective
depth with time
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5.2 Variation of Prestress with Time

The losses in prestress were computed according to the recommendations of Ref.
[7]. In case of the selected girder, the prestress was transferred on the third day after
casting of the girder (when concrete attained strength of 40 MPa). The short-term
losses due to relaxation in 3 days and elastic shortening at transfer were 1.82% of
the initial prestress and 0.94% of updated prestress, respectively.

The deck slab was cast on the 50th day after casting of the girder. Thus, the
long-term losses were calculated for the following time periods: 50th day, 1, 5, 50
and 100 years which denotes the time between casting of deck slab and end of
target service life of the girder. The values of prestress loss obtained are shown for
instances in Table 4.

Figure 5 shows the effective prestress reduction with time till 100 years. The
losses were evaluated at third day, fifty days, 1, 5 and 50 years. The interactions of
losses were also incorporated in the analysis by updating the stresses at each
interval.

It was analysed from the graph that the effective prestress got reduced to 0.35 fpk
by the end of 100 years as a result of prestress losses.

Table 4 Total loss of
prestress

Time Effective prestress

3rd day 0.71 fpk
50th day 0.64 fpk
1 year 0.56 fpk
5 years 0.45 fpk
50 years 0.40 fpk
100 years 0.35 fpk

Fig. 5 Variation of effective
prestress with time
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5.3 Flexural Capacity of Girder

The composite girder shown in Fig. 2 was simplified as shown in Fig. 6. It consists
of a deck slab of 2150 mm width and 200 mm depth. The pretensioned girder was
assumed to be a rectangular section of 230 mm width. The total of thirty pre-
stressing strands of 15.2 mm nominal diameter was used in five layers. Hence, the
total effective area of the strand was obtained as 4200.7 mm2 at an effective depth
of 1778.5 mm from the top of composite girder.

This composite beam can be analysed as a flanged beam. Since the flange of the
section is much large compared to the thickness of web, the neutral axis will lie
within the flange itself. Hence the portion below the neutral axis will be ineffective
in taking any compressive forces. This will justify the simplification done in Fig. 6.

The strain compatibility method was used for estimating the flexural capacity of
the composite girder. The steps adopted in this method are stated below:

(1) According to compatibility condition, strain in concrete and strand at the level
of strand are equal. For an ultimate compressive strain of 0.0035 in concrete at
extreme top fibre, tensile strain in the strand (ep) was obtained by using the
following relation:

ep ¼ xu � d
d

� 0:0035
	 


þDe ð5Þ

where De ¼ fpi
E

xu neutral axis depth (mm)
d effective depth of strand (mm)
fpi initial prestress after deducting relaxation loss at 3 days (MPa)
E modulus of elasticity of strand (MPa).

(2) Stress in strand (fp) was obtained from the constitutive relationship of pre-
stressing strand. The model given in Ref. [8] was used in this analysis.

fp ¼ f ðepÞ ð6Þ

(3) The tensile (T) and compressive (C) forces in strand and concrete were cal-
culated as:

2150

1800

Flange

Web

Fig. 6 Simplified section of
composite girder
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T ¼ fp � Ap ð7Þ

C ¼ 0:362� fck � bf � xu ð8Þ

Equation (8) is valid in this analysis since the neutral axis lies inside the flange
always and hence can be used for finding the compressive force. xu has to be
iterated until the force equilibrium condition is satisfied.

C ¼ T ð9Þ

(4) The ultimate moment of resistance (MUR) was obtained from moment equi-
librium relationship:

MUR ¼ T � ðd � 0:42xuÞ ð10Þ

The analysis was done for getting the flexural capacity reduction till 100 years
for an increment of five years. The reduction of cross-sectional area and effective
depth were incorporated in the analysis. The neutral axis depth was iterated to
satisfy the equilibrium condition, and the corresponding moment of resistance was
obtained.

6 Results and Discussions

The time-dependent stress variation in concrete due to sustained loads is consoli-
dated in Fig. 7. It shows the variation of stress at the top and bottom of composite
girder with time. The reduction occurred is due to the incurred prestress losses. The
in-service superimposed loads are not considered in the current analysis. It is
evident from Fig. 7 that the top fibre of concrete which was under tensile stress
initially is shifting to compressive stress with the increase in time, due to the effect
of prestress losses. The bottom fibre of girder is losing the compressive stress, while

Fig. 7 Variation of stress in
concrete at extreme fibres
with time
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the top fibre of girder is gaining more compressive stress. This leads to the sagging
of member as a whole. The inclusion of service loads will further aggravate the
stresses in girder and will deflect more.

The results obtained from the flexural capacity analysis of the section at the
mid-span using the strain compatibility method are as shown in Fig. 8.

The major part of subsequent reduction in flexural capacity was contributed by
the reduced area of cross section of strand as a result of corrosion. The reduction in
effective prestress with time does not contribute to the ultimate capacity reduction
of composite girder, but it is affecting the service conditions of the girder.
Altogether, by the end of hundred years, the flexural capacity of the composite
girder got reduced by 50%.

In this analysis, the bond between strand and concrete was assumed to be
perfect, which is not the real scenario once the corrosion of strand occur. More
rigorous analysis will be necessary for incorporating that also into the present
analysis.

At present, an experimental programme is underway to determine the change in
flexural behaviour of pretensioned beams subjected to artificial corrosion of strands.
The results from that will be used to update the calculations of time variant flexural
capacity and behaviour of the selected bridge girder.

7 Conclusions

Based on the analysis discussed in this paper, the following conclusions are drawn:

• In case of prestressed concrete girders, there will be loss due to reduction of
effective prestress with time due to various prestress losses. Out of long-term
losses, the ones due to creep of concrete, shrinkage of concrete and relaxation of
strand play a major role in reduction of the in-service stresses of concrete.

Fig. 8 Variation of mid-span
flexural capacity with time
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• The ultimate flexural capacity is independent of the prestress losses and was
found to be dependent on amount of corrosion occurred in strands.

• It was estimated from the analysis that 46% reduction of total cross-sectional
area of strands and 6.2% reduction of effective depth resulted in an ultimate
flexural capacity reduction of 50% towards the end of service life of the girder.

• It was also observed that out of thirty strands in the composite girder, only
fourteen strands were subjected to corrosion due to severe exposure to chloride
ions. In the present analysis, only Layer A and Layer B got affected.
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Reliability Study of Railway Bridge
Circular Pier Using Monte Carlo
Simulation

A. Abishek and B. Nageswara Rao

Abstract Bridges are one of the important structures that are being used in our day
to day lives. The design process of elements of the bridge is a complex procedure
and is based on mostly research and experience to arrive at a balance between
safety, functionality, and economy. Among all the elements of the bridge, piers are
considered as the most important because of the higher stress concentration in them.
Hence, the safety and reliability of the pier to satisfy its purpose during its lifetime
is of core importance. The purpose of this work is to study the safety of an existing
pier of a railway bridge. The resistance of the pier is assumed to be composed of
many random variables. Considering them as random variables, reliability analysis
is performed to evaluate the probability of failure of the pier by determining
whether the limit-state function is exceeded. The study also focuses on the deter-
mination of reliability index of the pier when fatigue in concrete is taken into
consideration.

Keywords Reliability � Railway bridge pier � Fatigue

1 Need of Reliability Analysis for Railway Bridges

In railways, which is one of the oldest networks in India, the design of the structural
elements are almost standardized. The sections used in their design are almost same
irrespective of the place in which the structure is constructed and is dependent only
on the span of the bridges, in case of railway bridges. The pre-decided sections are
just checked if adequate to carry the required load from the superstructure and live
load, and the sections are not decided to carry the required load thus making huge
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uneconomical sections. Reliability analysis of those pre-decided sections gives us
an idea about the probability of failure of these sections by evaluating whether the
limit-state function is exceeded or not and also helps in identifying size of the
section that is actually required to carry the load.

2 Railway Loads

In the current study, railway bridge pier of a new electrified broad-gauge
double-line bridge located in between Kharsia and Dharamjaygarh is considered.
The overall length of the four-span bridge is 53.2 m. The overall length of each
span is 13.3 m. Since the bridge is a double-line meter-gauge bridge, at the junction
of two spans, two circular piers are located perpendicular to the direction of the
railway line. Each of the two circular piers has a diameter of 2.0 m. The two piers
are connected to each other by a pier cap of width 10.5 m and depth of 1.5 m. For
the purpose of analysis, it is assumed that the load from one of the two railway lines
is completely taken by one of the piers and transferred to the foundation. One of the
two piers is considered for the study. The configuration of the pier is as in Table 1.

The cross section of the pier is as in Fig. 1.

Table 1 Configuration of the
pier

S.No. Parameter Dimension/No.

1. Diameter 2000 mm

2. Main bar diameter 32 mm

3. Tie bar diameter 16 mm

4. No. of main bars 60 Nos.

5. Clear cover 50 mm

Fig. 1 Cross section of the
pier
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3 Load Calculation

Following types of loads were considered for calculating the actual load on the pier.

• Dead load—Self-weight of the superstructure, SIDL due to track and rail,
self-weight of the substructure including pier cap and pier shaft

• Live load
• Centrifugal force—Force in the transverse direction due to the curvature in the

track
• Longitudinal forces—Force due to live load; acceleration and braking forces and

force due to wind effects on the superstructure and live load
• Forces and effects due to earthquake.

The types of loads considered are in accordance with Bridge Rules of Indian
Railway Standards [1]. In the current numerical study, load combination 2 of
ultimate limit state and load factors for ultimate limit state as mentioned in Clause
11.3 of IRS Concrete Bridge Code [1] are considered. Forces and moments at the
base of the pier shaft were calculated for both normal and seismic case during dry
and high flood level conditions. Summary of the forces is in Table 2.

The maximum and minimum loads were obtained by considering all possible
combinations of the live load, i.e., the rail, on the tracks.

4 Resistance of the Pier

The axial load and moment capacity of the given section of the pier for various
possible eccentricities are obtained using the standard algorithms [2–4] with the
help of a MATLAB code which is validated with the design interaction curve of SP
16 [5]. Here in the study since the material parameters such as strength of concrete,
strength of steel and section parameters, viz. area of steel, dimension of the overall
section are considered as random variables, the code is modified in such a way to
calculate the design interaction plots for complete range of the random variables. In
the current study, the strength and dimension parameters are considered as normally
distributed with a bias factor and coefficient of variation. The statistical parameters
used are as in Table 3 which are used for code calibration [6].

In order to arrive at the range of design interaction plots, Monte Carlo simulation
technique is used in the MATLAB code. The steps involved are as follows:

Table 2 Loads on the pier

Case/Condition Final forces and moments

Pmax (kN) Pmin (kN) Mx (kNm)

Dry 10,103.603 1409.854 7141.503

HFL 9972.365 1242.260 7160.653
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• Generation of random numbers: Random numbers in the range [0,1] are gen-
erated using the inbuilt functions of MATLAB. Since the numerical value of
Fx(xi) is a value within the interval [0,1], the generated random numbers are
used to arrive at the random variables where Fx(xi) is the cumulative distribution
function of random variable xi.

• Inverse transformation: Normal inverse transformation technique is used in
order to obtain at the normally distributed random variables from the random
numbers.

Fx xið Þ ¼ vi which implies xi ¼ F�1
x við Þ

where vi is the generated random number of range [0,1].
• Generation of design interaction plot: The generated random variables, com-

pressive strength of concrete, yield strength of steel, area of steel, depth of pier,
and height of the bars are used to generate plots in the moment-load axes of the
design interaction curve.

In the current study, 10,000 simulations of random variables for the respective
bias factor and coefficient of variation were done and plotted for 21 possible
eccentricities on the design interaction plot. Hence for each eccentricity value,
10,000 plots are generated based on the randomness of the above-mentioned
parameters. The eccentricity ratios (e/D) considered are 0.01, 0.02, 0.03, 0.05, 0.07,
0.1, 0.125, 0.15, 0.2, 0.25, 0.3, 0.4, 0.5, 0.6, 0.7, 0.8, 0.9, 1.2, 2, and 50. The
generated design interaction plot is as in Fig. 2.

5 Bias Factor of the Resistance of Pier

From the obtained interaction plots, the mean and standard deviation of the resis-
tance parameters, i.e., load and moment capacity, are calculated from which the bias
factor is arrived at for different eccentricities on the pier. Figures 3 and 4 show the
variation of bias factor with respect to eccentricity of the pier.

Table 3 Statistical parameters of random variables

Parameter Nominal value Bias factor Coefficient of variation

Depth of Pier (D) 2.0 m 1.005 0.040

Height of bar (di) 1.000 0.010

Strength of concrete (fck) 35 MPa 1.300 0.134

Yield strength of steel (fy) 415 MPa 1.130 0.030

Area of steel (As) 804.25 mm2 1.000 0.015
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Fig. 2 Design interaction plot for the pier considering random variables

Fig. 3 Bias factor of axial
load versus eccentricity of
load on pier

Fig. 4 Bias factor of moment
versus eccentricity of load on
pier
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6 Reliability of the Pier

6.1 Probability of Failure

Probability of failure (Pf) is obtained from the ratio of number of simulations where
the limit-state function is exceeding and the total number of simulations is con-
sidered as in Eq. (1). Total number of simulations in the current study is 10,000.
Reliability index is also determined from the probability of failure.

Pf ¼ Nf

N
ð1Þ

where

Nf is the number of simulations the limit-state function has exceeded
N is the total number of simulations; here N is 10,000.

6.2 Determination of Failure Cases

For the load that is transferred onto the pier from the superstructure and live load,
allowable moment capacity is interpolated from the obtained design interaction
plots. This allowable moment capacity is compared with the actual moment that
comes on the pier. Based on whether the actual moment is lesser or higher than the
design moment capacity, the number of failure cases Nf is determined.

6.3 Reliability Index

For a normally distributed random variables, the reliability index [7, 8] is calculated
as in Eq. (2).

b ¼ �U Pfð Þ ð2Þ

where U is the standard normal distribution function.
From the MATLAB code, reliability index of the pier in the particular case

considered as well as the effect of diameter of the pier on the reliability of the pier is
numerically determined. The effect of diameter on the reliability of pier is as in
Fig. 5.
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7 Fatigue Effect on the Pier

Bridge piers are always subjected to different stress levels due to dead and live
loads which initiate the fatigue damages in them. Since imperfections such as
micro-cracking due to shrinkage or heat of hydration initiates the fatigue damage in
concrete, piers become the obvious structural element to be focused on fatigue
damages due to its huge mass. Among many fatigue models, Aas-Jakobsen fatigue
model [9] is used in the current study. According to the model,

Smax ¼ rmax

f 0c
¼ 1� b 1� Rð Þ logNf ð3Þ

where

Smax is maximum stress level in concrete,
fc′ is the compressive strength of concrete under static load,
Nf is the number of cycles to failure,
R is rmin/rmax,
b is material constant (0.064).

The statistical parameters of concrete subjected to fatigue are taken same as that
of the logarithm of Nf due to its linear relationship with rmax/fc′ which is then taken
for analysis in MATLAB. Using 10,000 simulations, the statistical parameters of
Log Nf are determined. The effect of fatigue on the reliability index is as in Fig. 5.

8 Results and Discussions

From the results obtained, it is clear that for the particular configuration that is
taken, there has not been any cases of failure in the numerical simulation thus
giving zero probability of failure and reliability index of infinity. Even considering
the fatigue effect using Aas-Jakobsen fatigue model, the simulation has arrived with

Fig. 5 Effect of diameter of
the pier on the reliability
index
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zero probability of failure. Figure 5 shows the influence of the diameter of pier on
the reliability for the particular loading configuration with and without considering
the fatigue effect. Table 4 shows the failure probability of the pier with and without
the fatigue effect for various considered diameters.

When the diameter considered is 1250 mm, the failure probability considering
fatigue increases by around 3.5 times the failure probability without considering
fatigue, while for 1000 mm diameter of pier, the increase is only around 3%.

9 Conclusions

Results clearly indicate that the specific configuration is free from failure but still
from Fig. 5 it is obvious that the actual section is bigger than what is required for
the available loading conditions. Thus, Fig. 5 can be used to identify the approx-
imate section that is required. More economical sections can be arrived at.

Even in fatigue case, the section turned out to be safe in the simulation. For
smaller diameter of the pier, the probability of failure was more when fatigue effect
is considered, and it is observed from Fig. 5.

From the simulation, it is evident that as the diameter of the pier is increased the
reliability indices are coinciding irrespective of whether fatigue effect is considered
or not.

Considering fatigue of concrete increases the failure probability of the pier. The
percentage of increase in probability of failure decreases as the diameter of pier
decreases.
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Evaluation of IS 1893-Based Design
Using the Performance Based
Earthquake Engineering Framework

G. Bharat Reddy and B. Radhika

Abstract The performance-based earthquake engineering (PBEE) approach pro-
vides a framework to evaluate the performance of a structural system accounting for
the uncertainties present in the different stages of modeling, design, and analysis.
The framework typically comprises four stages of analysis—hazard, demand,
damage and loss analyses—to evaluate performance. In the present study, the
earthquake-resistant design of a frame and beam conforming to IS 1893–2000 is
considered, and their performance is evaluated and presented in the form of
probability of exceedance of damage. The first three stages of the performance
evaluation are demonstrated using the method of incremental dynamic analysis to
account for the record-to-record variability and further assuming the demand and
damage fragility curves to have a lognormal distribution. The methodology pre-
sented to evaluate the performance of these structure helps in making decisions by
accounting for the uncertainties present in each stage.

Keywords Performance-based engineering � Incremental dynamic analysis
Earthquake-resistant design

1 Introduction

The performance evaluation of a code-based design using the performance-based
earthquake engineering (PBEE) framework is explored in the present work. For any
design method, it would involve analyzing the hazard which could be loads like
earthquake, wind, wave forces, vehicle axle load; followed by analyzing the
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proposed structure for the given hazard levels, and subsequently comparing with
the desired strength and deformation criteria; a violation of which would require
iterating the design. If the loss associated with a structure is defined in terms of
socioeconomic parameters like death, downtime, or monetary loss, it would com-
prise the fourth step of loss analysis. Furthermore, in achieving this, the role of
uncertainties needs to be acknowledged; the source of which could be any one or
often a combination of factors such as variable material properties, loads, boundary
conditions, methods adopted for analysis and capacity estimation, choice of
structural models, to name a few. In the evolution of design methods, uncertainty
has been addressed by the factor of safety in allowable stress design (ASD) and load
and resistant factors in load and resistance factor design (LRFD) methods. The
structural design codes have been developed over the years according to these
design formats. The choice of factor in the ASD is more heuristic and banks on
professional judgment in comparison with LRFD format which is motivated by the
reliability-based design philosophy. Cornell and Krawinkler [1] of the Pacific
Earthquake Engineering Research (PEER) group at University of California,
Berkeley, had proposed a unified framework for performance-based earthquake
engineering (PBEE) in which all the four steps discussed above are combined using
the total probability theorem of probability theory, making it suitable to address
problems of structural design, assessment of alternative designs, evaluation of
existing structures, and retrofit strategies. Mathematically, the framework translates
to [2].

k dvð Þ ¼
ZZZ

GðdvjdmÞdGðdmjedpÞdGðedpjimÞdk imð Þ ð1Þ

where k xð Þ is the mean annual frequency (MAF) of exceedance of x, Gð:j:Þ is the
conditional complementary probability distribution function, and dv; dm; edp and
im are the decision variable (DV, monetary, death, and downtime), damage mea-
sure (DM, e.g., light, moderate, and severe with respect to repair of a component),
engineering design parameter (EDP, e.g., inter-story drift ratio, roof acceleration),
and intensity measure of the hazard (IM, e.g., peak ground acceleration, spectral
acceleration), respectively. The uppercase letters denote the random variables (DV,
DM, EDP, and IM) and the lowercase letters denote the values that the random
variables assume (dv, dm, edp, and im).

The main objective of the present study is to quantify the performance of an IS
code-based design of a structure using the PBEE framework. This is represented by
the probability of exceedance (POE) of damage or of the decision variable of the
structure being studied. For a given hazard description, the performance-based
framework involves four analysis phases and the details of the methods proposed to
be used in different phases (only first three considered in the present study) for the
design evaluation of a structure are outlined in the next section.
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2 Methodology of PBEE

The PBEE framework comprises of four stages of analysis, namely hazard, demand,
damage, and loss analyses. The last step in the framework involves computation of
loss fragility curves which requires understanding on relation between engineering
quantities and socioeconomic parameters which lie outside the scope of the present
work. The analysis therefore is limited to the first three stages, and the performance
is reported by the probability of exceedance of damage in terms of structural
demand parameters. The details of each step in the analysis are discussed next.

2.1 Hazard Analysis

The ground motions that a site of interest may experience are characterized by their
peak ground responses, spectral accelerations, Mercalli intensity, etc., collectively
known as intensity measures (IMs). Hazard curve provides a quantitative estimate of
the occurrence of a particular IM. This is obtained by considering uncertainties in
earthquake source, distance from site, soil properties, and magnitude of earthquake.
A performance-based approach to quantify the earthquake hazard iswithin the realmof
probabilistic seismic hazard analysis (PSHA), the output of which is the hazard curve
which may be the probability of exceedance or mean annual frequency of exceedance
of an IM. Hazard curve compatible ground motions are selected to account for
record-to-record variability either by simulation or from database of existing records.
These timehistories areused in the subsequent analysis as input to the structural system.

2.2 Demand Analysis

Given the random input in the form of hazard compatible groundmotions, the response
of the frame structure is computed by performing an incremental dynamic analysis
(IDA) [3] assuming a nonlinear model for the frame behavior. The response quantities
governing the design are known as engineering design parameters (EDPs)which could
be the maximum of the inter-story drift for structural elements and maximum of the
acceleration response for non-structural elements or a combination of parameters. The
conditional distribution of the EDPs given the hazard information is obtained in the
form of a demand fragility curve which is used in the next phase of damage analysis.
These fragility functions are assumed to be lognormally distributed with parameter
values evaluated using the IDA results corresponding to each IM value.

2.3 Damage Analysis

The capacity of structural and non-structural elements obtained either by experi-
mental or analytical studies would be useful in identifying damage measures
(DMs) for the respective components. For example, an IDA-based drift capacity can
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be used to delineate damage measures for structural elements, with respect to
inter-story drift, as slight, moderate, or severe damage. Similarly, DMs for
non-structural elements like partition units can be defined as visible or significant,
depending on whether the units would need patching up or complete replacement.
In order to quantify the damage in the system, the relation of the DM given the EDP
is established in the form of a damage fragility curve. Again, a lognormal
assumption for these curves is found acceptable in literature. Alternatively, models
based on IDA and Monte Carlo simulation-based estimation are also possible. In
the present study, a lognormal distribution for the fragility curves is assumed.

The earthquake record generation, structural analysis, and computation of
structural capacity will be carried out by writing codes in MATLAB and SAP. For
illustration, in the following sections, the performance evaluation of a RC frame
and beam designed as per IS 456 using the method outlined above is presented.

3 Performance Evaluation of a Code-Based Design

The PBEE framework provides an approach to evaluate a codal design and quantify
the performance of the same by estimating the POE of damage. A code-based
design of a two-story two-bay frame and a cantilever beam is considered, and their
performance has been evaluated using the method discussed in the previous section.

3.1 Performance Evaluation of a RC Frame

To illustrate the methodology discussed in the previous section, a two-bay
two-story RC frame with bay length 6 m and each story height 3 m with fixed
supports at the base is considered. M25 grade concrete and Fe 415 steel are used in
the design. The beams have a cross section of 0.5 m � 0.5 m, and 12 numbers of
10-mm-diameter steel reinforcement are provided. The columns have a dimension
of 0.5 m � 0.5 m with 8 numbers of 8-mm-diameter bars. A live load of 5 kN/m is
taken to be distributed on each beam. The material model proposed by Mander et al.
[4] is assumed in modeling the frame. The modeling of the frame and subsequent
IDA analysis is performed on commercial software SAP2000.

It is assumed that the frame is subjected to earthquake loads whose hazard curve
is shown in Fig. 1. A suite of 27 ground motion records compatible with the hazard
curve was chosen from the PEER database [5]. The intensity measure was assumed
to be the peak ground acceleration (PGA) of the time histories. Each of these
records was scaled to PGA values ranging from 0.2 to 2 g with 0.2 g increment and
used in the nonlinear structural analysis for IDA. The ground accelerations are
applied as input in the analysis by taking the equivalent floor loads.

The maximum of the inter-story drift ratio (IDR) in each analysis was taken to be
the EDP. Figure 2 shows the plot of the EDP versus IM obtained by IDA. The
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weaving pattern is observed owing to the record-to-record variability which
essentially is captured by IDA. Corresponding to each IM value, a lognormal
distribution for the EDP is assumed, and the median (m) and coefficient of variation
(COV) are accordingly computed using the 27 data points. These are substituted in
the lognormal distribution given by

P EDP[ edpjIMð Þ ¼ 1� U
ln EDP � m

COV

� �
ð2Þ

This assumption is validated by plotting the logarithm of maximum IDR values
on a normal probability paper as shown in Fig. 3. A linear plot conforms to the
values following the lognormal distribution.

The curves obtained using Eq. (2) serve as demand fragility curves (Fig. 4)
which are subsequently used along with the damage fragility curves (Fig. 5) to
obtain the POE of the damage. The damage fragility curves in turn are assumed to
be lognormally distributed and the POE of damage is computed as

Fig. 1 Hazard curve of the
earthquake ground motions
used in the analysis of the
frame

Fig. 2 Maximum IDR of the
frame, obtained using
27 ground motion records in
the incremental dynamic
analysis. Each color line
corresponds to a ground
motion scaled to different
PGA values
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Fig. 4 Frame demand fragility curves obtained assuming lognormal distribution. Series 1–10
denote the PGA values from 0.2 to 2 g with 0.2 g increment

Fig. 5 Frame damage
fragility assuming lognormal
distribution

Fig. 3 Normal probability paper plot to validate the lognormal assumption of demand fragility
curves
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P DM[ dmð Þ ¼
X14
i¼1

X10
j¼1

P DM[ dm EDPjð ÞP EDP[ edpi IMjð ÞP imj
� � ð3Þ

where the damage and demand fragility curves derived above are the first two
quantities inside the summation and the hazard curve information the third prob-
ability. The POE of the damage obtained using Eq. (3) is shown in Fig. 5. ATC-40
[6] specifies the limit states; immediate occupancy, damage control, and life safety
in terms of the IDR. This has been adopted in the present study, and the POE of the
limit states is given in Table 1. This quantitative information on the performance of
the frame with respect to the chosen limit states and the hazard information will be
useful in decision making (Fig. 6).

3.2 Performance Evaluation of a RC Beam

An RC cantilever beam of size 0.5 m � 0.5 m � 6 m with #12, 10 mm Fe 415
steel reinforcement designed as per IS 456 (2007) for dead and live loads (5 kN/m)
is considered for performance evaluation with respect to earthquake hazard. It is
assumed that the beam is subjected to earthquake loads whose hazard curve is
shown in Fig. 1. The ground motion input was given to the structure taking the
equivalent load to act at the free end. The maximum of the free end deflection in
each analysis was taken to be the EDP. Figure 7 shows the plot of the EDP versus
IM obtained by IDA.

Table 1 POE of damage of
the RC frame

S. No Limit state POE

1. Immediate occupancy (<1%) >0.24

2. Damage control (1–2%) 0.24–0.04

3. Life safety (>2%) <0.04

Fig. 6 POE of damage,
quantifying performance of
the frame design
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Corresponding to each IM value, a lognormal distribution for the EDP is
assumed, and the median and coefficient of variation (COV) are accordingly
computed using the 27 data points. This assumption is validated by plotting the
logarithm of the EDP values on the probability paper shown in Fig. 8.

These serve as demand fragility curves (Fig. 9) which are subsequently used
along with the damage fragility curves (assuming lognormal distribution, Fig. 10)
to obtain the POE of the damage as shown in Fig. 11. As per IS 456, Clause 22.3,
the limit state is assumed to be maximum deflection which is minimum (span/250,
20 mm). For the beam considered, 20 mm is the maximum permissible deflection,
and the POE of this limit state from Fig. 10 is obtained as 0.9. Therefore, for the
assumed hazard description, the designed beam is found to be unsafe and a
re-design is recommended.

Fig. 7 Maximum deflection
of the free end of the beam,
obtained using IDA

Fig. 8 Normal probability
paper plot for the EDP values
of the beam
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Fig. 9 Beam demand
fragility curves

Fig. 10 Damage fragility
curves

Fig. 11 POE of damage
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4 Note on the Methods and Models Adopted in the PBEE
Analysis

The performance analysis of the frame design discussed in the paper highlights the
steps adopted in the PBEE framework. Following are observations on the methods
adopted:

1. The assumption of a lognormal distribution for the demand fragility curves is
inspired from literature which is based on a statistical observation. But the same
can be perceived as a problem in random vibration wherein the distribution of
extremes of a non-stationary process (maximum of IDR) is of interest. This
approach to modeling of the fragility curves would require application of the
extreme value theory to determine the distribution of the fragility curves. The
work by Naess and his co-workers [7, 8] proposes an asymptotic solution to this
problem in the form of the average conditional exceedance rate (ACER)
method.

2. The damage fragility curves in the present study have also been assumed to be
lognormally distributed which again is adopted from literature. But a more
rigorous study would involve deriving them using experimental data or Monte
Carlo simulations.

3. The EDPs considered in the illustration are scalar, but a more general problem
would be to handle a vector of dependent EDPs. The validity of joint lognormal
distributions and the proposal for alternate models need to be examined.

4. Furthermore, an analytical solution to the PBEE problem (Eq. 1) has been
proposed by Jalayer and Cornell [9] assuming lognormal models for the fragility
curves. A similar solution considering alternate models for fragility using the
theory of extreme values can also be derived.

5 Closure

The paper presents a method for quantifying the performance of a
prescriptive-based frame design using the PBEE framework. Scalar IMs and EDPs
were chosen to demonstrate the different stages of analyses. The choice of IMs,
EDPs, modeling of the frame, and fragility curves is open to improvement, within
the confines of the proposed method. Some of the above aspects along with the
observations made in Sect. 4 are intended to be addressed by the authors in their
future work.
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Corrosion Performance of Steel
in Self-compacting Concrete Exposed
to Chloride Environment

Smrati Jain and Bulu Pradhan

Abstract The objective of this paper is to investigate the durability performance of
self-compacting concrete (SCC) in terms of corrosion performance of steel rein-
forcement. The corrosion performance was evaluated by half-cell potential mea-
surement, which provides information about the probability of occurrence of steel
reinforcement corrosion and determining the corrosion current density by linear
polarization resistance (LPR) measurement, which indicates the corrosion rate of
steel reinforcement. Keeping this in view, in the present work prismatic reinforced
concrete specimens with a centrally embedded steel bar were made from SCC
mixes. Ordinary Portland cement (OPC) was used as a binder, and two w/c ratios of
0.40 and 0.43 were used for the preparation of concrete mixes. The fresh properties
of SCC were evaluated by conducting slump flow, T50cm time, V-funnel flow time,
L-box, and sieve segregation tests, and the compressive strength was determined for
the hardened property. The prismatic reinforced concrete specimens were exposed
to sodium chloride solutions for 180 days with alternate wetting–drying cycles. The
fresh concrete test results revealed satisfactory filling ability, passing ability, and
segregation resistance at both the water–cement (w/c) ratios. From results of cor-
rosion parameters, it is observed that higher concentration of chloride ions
increased the corrosion current density at longer exposure period. Further, higher
corrosion current density was observed at w/c ratio of 0.43 as compared to that at
w/c ratio of 0.40 at the longer exposure period.

Keywords SCC � Fresh properties � Chloride � Half-cell potential
Corrosion current density

S. Jain � B. Pradhan (&)
Department of Civil Engineering, Indian Institute of Technology Guwahati, Guwahati
781039, India
e-mail: bulu@iitg.ernet.in

© Springer Nature Singapore Pte Ltd. 2019
A. Rama Mohan Rao and K. Ramanjaneyulu (eds.), Recent Advances in Structural
Engineering, Volume 2, Lecture Notes in Civil Engineering 12,
https://doi.org/10.1007/978-981-13-0365-4_47

549

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_47&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_47&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_47&amp;domain=pdf


1 Introduction

Concrete is the mostly widely used construction material in the world because of
many reasons with one of them being its flexibility of converting into any desired
shape. Self-compacting concrete (SCC) is a special type of concrete with charac-
teristics of high fluidity or deformability, which can reach any corner of the
formwork and is compacted by its own weight, without any vibration [1].
Improvement in the quality of concrete structures is a reason behind the invention
of SCC because it has good consolidation without segregation and bleeding, even in
the structures with congested steel reinforcement and narrow openings [2].

For better durability performance, concrete must resist physical and chemical
attacks when exposed to aggressive environmental conditions. The durability of
reinforced concrete structures is affected by deleterious chemical reactions between
hardened cement matrix and different aggressive ions and subsequently affecting
the embedded steel reinforcement. Steel reinforcement corrosion in concrete is the
major durability problem faced by various reinforced concrete structures. Steel bars
embedded in concrete are protected from corrosion by a passive layer (thin oxide
layer of c–Fe2O3) that is formed and maintained on their surfaces because of the
highly alkaline environment of concrete pore solution (pH > 13.5) [3]. This passive
film is destroyed either by reduction in pore solution pH due to carbonation or by
ingress of chloride ions to steel–concrete interface [4]. Out of these causes, chloride
attack is the primary cause of steel reinforcement corrosion in concrete. Chloride
ions enter into concrete in the fresh state (through contaminated aggregates, mixing
water, and admixtures that are added during preparation of concrete) and from
external environment into the hardened concrete [5].

When concrete is subjected to chloride-rich environment, the chloride ions
penetrate through the concrete cover, ultimately reaching the vicinity of steel bars,
and result in corrosion of steel reinforcement. Out of two forms of chloride in
concrete, i.e., free chloride and bound chloride, free chloride ions are mainly
responsible for initiating steel reinforcement corrosion in concrete [6]. The corro-
sion of reinforced concrete structures is highly dependent on many factors such as
moisture content, temperature of concrete, concentration of salts, ohmic resistivity,
and supply of oxygen to the cathode site [7]. For evaluating the corrosion perfor-
mance of steel reinforcement, different corrosion parameters, namely corrosion
potential and corrosion current density, are generally determined.

From the review of the literature, it is observed that numerous studies have been
carried out on corrosion performance of steel reinforcement in normal vibrated
concrete exposed to the chloride environment [4, 8–10]. However in the reported
literature, the studies on corrosion behavior of steel reinforcement in
self-compacting concrete are scanty [11–14]. The objective of the present research
work is to investigate the corrosion performance of reinforcing steel in
self-compacting concrete (SCC) exposed to external chloride environment. For this
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purpose, test specimens were prepared from SCC mixes. The fresh properties of
SCC mixes were evaluated by slump flow, T50cm time, V-funnel flow time, L-box,
and sieve segregation tests. The SCC specimens were exposed to sodium chloride
solution, and corrosion behavior of steel bar was evaluated by half-cell potential
and linear polarization resistance (LPR) measurements.

2 Experimental Work

2.1 Materials and Mixture Proportion of SCC

In the present experimental work, self-compacting concrete (SCC) mixes were
prepared using 43 grade ordinary Portland cement (OPC) with two w/c ratios of
0.40 and 0.43. The specific gravity of cement is 3.12. Locally available 20 mm
maximum size of aggregate (MSA) and 10 mm MSA coarse aggregates in equal
proportion (by mass) and locally available river sand as fine aggregate were used
for the preparation of SCC mixes. The fine aggregate and both coarse aggregates
have specific gravity of 2.62 and 2.65 (each), respectively. The grain size distri-
butions of the aggregates are shown in Fig. 1. A water content of 195 kg/m3 was
used in the preparation of SCC mixes at both w/c ratios. A polycarboxylate
ether-based superplasticizer was used as water-reducing admixture. The quantities
of the ingredients of SCC mixes were obtained by trail tests, as per the guidelines
mentioned in ACI 237R-07 [15]. The mixture proportions of SCC are shown in
Table 1.
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2.2 Tests on Fresh SCC and Specimen Preparation

Slump flow, T50cm time, V-funnel flow time, L-box, and sieve segregation tests
were conducted on the fresh SCC mixes to evaluate essential properties of SCC
such as filling ability, passing ability, and segregation resistance. The tests for
evaluating fresh property of SCC mixes were conducted as per EFNARC guidelines
[16]. In order to determine compressive strength, cube specimens of size 150 mm
were prepared from SCC mixes. For measurement of corrosion parameters, pris-
matic reinforced concrete specimens of size 300 mm � 72 mm � 72 mm with a
centrally embedded steel bar (Tempcore TMT Steel) of 12 mm diameter were made
from SCC mixes. The schematic diagram of prismatic reinforced concrete specimen
is shown in Fig. 2. The steel bar was coated with insulating tape followed by epoxy
coating at the bottom of the steel bar and at the concrete–air interface (Fig. 2) to
avoid crevice corrosion. The exposed length of steel bar inside the prismatic

Table 1 Mixture proportion of SCC (kg/m3)

w/c ratio Cement Water Aggregates SPc

CAa FAb

0.40 487.5 195 755.3 786.1 3.90

0.43 453.5 3.63
aCoarse aggregate
bFine aggregate
cSuperplasticizer

Insulating tape and 
epoxy coating 

region

30 mm

50 mm

300 mm

170 mm

50 mm

12 mm dia. 
Steel bar

72 mm

30 mm30 mm

Fig. 2 Schematic diagram of
prismatic reinforced SCC
specimen
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specimen was 170 mm, and a concrete cover depth of 30 mm was provided at the
bottom and on all sides in the prismatic specimen.

2.3 Tests on Hardened SCC

After 24 h of preparation, the cube and prismatic reinforced concrete specimens
prepared from SCCmixes were subjected to water curing in a curing tank till 28 days
from the day of preparation.After completion ofmoist curing, the 28-day compressive
strength of SCC cubes was determined in a compression testing machine. After
removal from curing tank at the completion of curing, the prismatic reinforced
specimens were kept in laboratory dry condition for a period of 14 days andwere then
exposed to sodium chloride (NaCl) solutions of concentrations 0, 1, and 3% with
alternate wetting–drying cycles for an exposure period of 180 days. The alternate
wetting–drying cycle consists of 3 days of wetting (i.e., partially immersing the
specimen in NaCl solution up to a height of 255 mm from its bottom in a plastic tank)
followed by 7 days of laboratory drying. Corrosion parameters such as half-cell
potential and corrosion current density by linear polarization resistance
(LPR) technique weremeasured for all prismatic reinforced concrete specimens at the
end of exposure periods of 90 and 180 days. Corrosionmonitoring instrument (make:
ACM,GillAC serial no. 1542)was used for themeasurement of corrosion parameters.
The schematic representation of experimental setup is shown in Fig. 3.

The experimental setup consists of a plastic container filled with sodium chloride
solution with concentration same as the exposure solution, three electrode system,
and corrosion monitoring instrument (potentiostat). The three electrode systems
consist of working electrode (steel bar embedded in prismatic specimen), auxiliary
electrode (stainless steel plates), and reference electrode (saturated calomel elec-
trode). These electrodes were connected to the potentiostat. The half-cell potential
of steel bar embedded in SCC specimen was measured with reference to saturated

Steel bar (working 
electrode) 

Saturated 
calomel 

electrode 
(reference 
electrode)

Reinforced 
concrete 

specimen of size 
300 mm × 72 
mm × 72 mm

Test solution
Stainless 

steel plate 
(auxiliary 
electrode) 

PotentiostatFig. 3 Experimental setup
for half-cell potential and
LPR measurements on SCC
specimens
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calomel electrode (SCE). For determining corrosion current density of steel rein-
forcement in SCC specimen, linear polarization resistance (LPR) measurement was
carried out. During LPR measurement, the steel reinforcement embedded in con-
crete was polarized to ±20 mV from the equilibrium potential at a scan rate of
6 mV per min. For calculation of corrosion current density (Icorr), Stern–Geary
equation was used [4].

Icorr ¼ B
Rp

ð1Þ

where

Icorr Corrosion current density,
B Stern–Geary constant,
Rp Polarization resistance of steel reinforcement.

The Stern–Geary constant ‘B’ is given by

B ¼ ba � bc
2:3 ba þ bc½ � ð2Þ

where

ba Anodic Tafel constant
bc Cathodic Tafel constant.

The value of ‘B’ was taken as 26 mV considering steel reinforcement in active
condition [5].

3 Results and Discussion

The results of fresh properties and 28-day compressive strength of SCC mixes are
shown in Table 2.

From the results presented in Table 2, it is observed that the SCC mixes are
satisfying the acceptance criteria in terms of filling ability, passing ability, and
segregation resistance as per EFNARC guidelines [16]. The slump flow, T50cm time,

Table 2 Properties of SCC in fresh and hardened state

Properties w/c ratio of 0.40 w/c ratio of 0.43

Slump flow (mm) 675 670

T50cm time (s) 1.6 1.06

V-funnel flow time (s) 3.89 3.42

Passing ratio 0.82 0.82

Segregation index (%) 6.68 10.22

Compressive strength (N/mm2) 43.7 41.33
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and V-funnel flow time of SCC mixes decreased with increase in w/c ratio. The
passing ratio (L-box test) is same at both w/c ratios, and segregation resistance is
higher at lower w/c ratio (0.40) as compared to that at higher w/c ratio (0.43).

The 28-day compressive strength of SCC mix shown in Table 2 is the average
value of three replicate cube specimens. From Table 2, it is observed that the
28-day compressive strength of SCC mixes decreased with increase in w/c ratio.

The half-cell potential values of steel reinforcement in SCC specimens are
shown in Fig. 4a, b for w/c ratios of 0.40 and 0.43, respectively. The potential
values shown in these figures are the average values of three replicate specimens.
As per ASTM C876 guidelines [17], the potential values more negative than
−350 mV (Cu/CuSO4)/−270 mV (SCE) correspond to a greater probability of
occurrence of steel reinforcement corrosion. From Fig. 4a, b, it is observed that the
half-cell potential values are less negative than −270 mV (SCE) for both exposure
durations, which indicate lower probability of occurrence of steel reinforcement
corrosion. Further, the half-cell potential values were more negative in the speci-
mens exposed to NaCl solutions (1 and 3%) as compared to those exposed normal
water (0% NaCl) for both w/c ratios and both exposure periods. In addition, it is
observed that the half-cell potential values became less negative with increase in
w/c ratio (i.e., from 0.40 to 0.43) for different exposure solutions at the exposure
period of 90 days. However, at the exposure period of 180 days, the half-cell
potential values decreased (i.e., became more negative) with increase in w/c ratio
for different exposure solutions and especially, there was a significant decrease in
the half-cell potential value for the specimens exposed to 1% NaCl solution as
compared to those exposed to other solutions as the w/c ratio increased from 0.40 to
0.43. This may be attributed to polarization phenomena induced by limited oxygen
diffusion [5], resulting in a significant decrease in half-cell potential value with
increase in w/c ratio from 0.40 to 0.43 for 1% NaCl solution at the exposure period
of 180 days, although the half-cell potential values are less negative than −270 mV
(SCE).

The corrosion current density of steel reinforcement in SCC specimens is shown
in Fig. 5a, b for w/c ratios of 0.40 and 0.43, respectively. Each value of corrosion
current density shown in these figures is the average value of three replicate
specimens. From these figures, it is noted that there is no systematic variation in
corrosion current density with concentration of NaCl in the exposure solution at the
exposure period of 90 days. However at the exposure period of 180 days, the
corrosion current density of steel reinforcement in SCC specimens increased with
increase in concentration of NaCl in the exposure solution for both w/c ratios. This
may be attributed to increase in conductivity of concrete due to penetration of
higher amount of chloride ions when exposed to NaCl solutions of higher con-
centration. Further, the corrosion current density of steel bar in SCC mixes
increased with increase in w/c ratio at the exposure period of 180 days as observed
from Fig. 5a, b. However, there is no systematic variation in corrosion current
density with w/c ratio at the exposure period of 90 days.
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4 Conclusions

The present study was carried out to evaluate the fresh, hardened, and durability
properties of self-compacting concrete (SCC) made with OPC at w/c ratios of 0.40
and 0.43. From the obtained results of this study, the following conclusions were
drawn.

The SCC mixes satisfied the acceptance criteria for fresh properties in terms of
filling ability, passing ability, and segregation resistance as per EFNARC
guidelines.

The measured half-cell potential values indicated lower probability of occur-
rence of steel reinforcement corrosion in SCC specimens exposed to NaCl solutions
of different concentrations, as the potential values were less negative than −270 mV
(SCE) at both w/c ratios and both exposure durations.
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The corrosion current density of steel reinforcement in SCC specimens increased
with increase in NaCl concentration in the exposure solution and with increase in
w/c ratio at the longer exposure period (i.e., 180 days). Further, there was no
systematic variation in corrosion current density with NaCl concentration in the
exposure solution and with w/c ratio at the exposure period of 90 days.
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Seismic Damage Evaluation of RC
Buildings Using Nonlinear Static
Method

Santanu Paul and Suman Debnath

Abstract The main objective of this chapter is to evaluate the expected seismic
damage in reinforced concrete buildings from a deterministic point of view. To do
that, a typical low-rise and mid-rise RC building is designed for two design cases
according to the provisions of Indian codes IS 456 and IS 1893 as a gravity load
and earthquake-resistant designed building. These are analyzed using nonlinear
static procedure as ATC 40 and fragility analysis by HAZUS methodology. Starting
from the determination of capacity curves from capacity spectrum-based method
which revealed the nonlinear performances of buildings together with fragility
curves, damage probability matrices (DPM) are formed for maximum considered
earthquake (MCE) and design basis earthquake (DBE) to evaluate the damage state.
The study suggests that the earthquake-resistant designed buildings show better
performances and lie in low-level damage as compared to gravity load designed
buildings.

Keywords Capacity curve � Fragility curve � Damage probability matrices

1 Introduction

The very exponential increase in the population of the world, along with the
growing big cities which are characterized by the inadequate occupancy of the land,
contributes increased damage due to seismic catastrophes. The high concentration
of population, high-rise buildings, infrastructures, and exposed values turn these
zones into high-risk areas. The Seismic Zone Map of India (2002) emphasizes that
about 59% of land area is under moderate-to-very severe earthquake and liable to
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higher intensity. In past, India has already experienced large damaging earthquakes
such as the 1897 Shillong Earthquake (Mw 8.1); the 1918 Srimangal Earthquake
(Ms 7.6); the 1950 Assam Earthquake (Mw 8.7). Recently, the 2001 Bhuj
Earthquake and 2011 Sikkim Earthquake highlighted the seismic vulnerability and
revealed the condition of the RC buildings in India. However, a considerable
portion of the building stock of country is low-rise and mid-rise reinforced concrete
(RC) buildings which are designed mainly for gravity loads and are few as
earthquake-resistant. Hence, special attention has to be given to those large number
of gravity load designed RC buildings to execute seismic hazard mitigation strategy
along with earthquake-resistant designed buildings.

The aim of seismic vulnerability evaluation is to find the deficiencies in structure
before taking appropriate measures to upgrade the system. Several methodologies
have been developed to estimate the vulnerability of buildings together with the
damage evaluation, and time by time, these methodologies have been improved.
The nonlinear static analysis is used to evaluate the seismic performances of RC
buildings, which represents structural behavior. A convenient and widely adopted
way of determining seismic damages is using the fragility curves and DPM which
are derived by different methods and based on various types of data and seismic
parameters. The use of DPM for the probabilistic prediction of damage to buildings
from earthquakes was first developed in 1974 [1]. Collective efforts have also been
made to arrive a simple rationalized procedure for regular use in formulation of
fragility curves and damage probability matrices [2, 3] etc.

Here, seismic performance and damage evaluation of a low-rise (three-storied)
and mid-rise (seven-storied) RC building, designed under gravity load (GLD) and
earthquake-resistant (ERD) as per Indian codes IS 456 2000 [4] and IS 1893 2002
[5], are considered. Nonlinear static analysis [6] is carried out using available
computer program SAP2000 (V16) along with fragility analysis using HAZUS®-
MH MR5 [7] methodology. The main objective of the present study is to find out
the damage state of gravity load designed and earthquake-resistant designed
three-storied and seven-storied RC framed buildings by developing the capacity
curve, fragility curve, and damage probability matrices (DPM), considering two
different seismic hazard levels, i.e., maximum considered earthquake (MCE) and
design basis earthquake (DBE).

2 Capacity Spectrum-Based Method

The capacity spectrum-based method [6] has been used in this study to evaluate the
performances of the RC buildings in nonlinear static analysis (pushover) when
subjected to earthquake scenarios which are represented by 5% damped elastic
response spectra. For performance evaluation of structure, selection of load pattern
is vital which represents the distribution of inertia forces imposed on the structure
during an earthquake. The vertical distribution of seismic forces as given in FEMA
356 [8] is considered here.
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3 Fragility Analysis

In fragility analysis, the relationship between ground motion severity (peak ground
acceleration or spectral displacement) and structural damage is expressed in terms
of probabilistic form. It is represented either in graphical form such as fragility
curves or in tabular form such as damage probability matrices. Fragility curve
describes the probability that a structure will reach or exceed one particular damage
state as a function of seismic ground motion (spectral acceleration, spectral
velocity, and spectral displacement). In the present study, spectral displacement is
considered. According to HAZUS methodology, it is given as follows:

P dsjSd½ � ¼ /
1
bds

ln
Sd
Sd;ds

� �� �

where Sd is spectral displacement, Sd;ds is the median value of spectral displacement
at which the building reaches the damage-state threshold, ds; bds is the standard
deviation of the natural logarithm of spectral displacement for damage state, ds; u is
the standard normal cumulative distribution function.

The dispersion of fragility curve for a given damage state primarily depends on
the lognormal variability associated with the discrete threshold of each damage
grade bT,ds, the lognormal variability associated with the capacity curve bC, and the
lognormal variability associated with the demand spectrum bD. Since the demand
spectrum for equivalent damping is dependent on building ductility capacity, a
convolution process is required to find out the total variability bds, but this con-
volution process involves a complex numerical calculation that would be very
difficult to perform as the demand and capacity are correlated. This difficulty is
avoided by using the pre-calculated values of damage-state beta values taken from
HAZUS®-MH MR5 [7], considering moderate condition, corresponding to
bC = 0.3, bT,ds = 0.4 for bds in case of low-rise building and mid-rise building.

In this study, four damage states are considered as guided by HAZUS®-MH
MR5 [7] which are based on performances of structures to define the damage-state
thresholds. Barbat et al. [2] have proposed damage-state thresholds based on yield
and ultimate spectral displacement of the building which is shown in Table 1. The
yield spectral displacement (Sdy) and ultimate spectral displacement (Sdu) are
obtained analytically from the bi-linearization of capacity curve. A mean damage
index or weighted average damage index (DSm) is considered which is close to the
most likely damage state of the structure and can be calculated using this formula
DSm = Ʃ dsi P[dsi], where dsi takes the values 1, 2, 3, and 4 for the damage states
i considered in the analysis and P[dsi] are the corresponding occurrence probabil-
ities. Table 2 shows the most probable damage grade as a function of the mean
damage index.
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4 Description of RC Buildings and Seismic Hazards

In the present study, three-dimensional regular three-story and seven-story rein-
forced concrete bare frame residential buildings are considered which represents
low- and mid-rise buildings. These buildings are designed under gravity load and
earthquake-resistant as per IS 456 (2000) and IS 1893 (2002) as GLD and ERD RC
buildings. These buildings are symmetrical in plan with both directions, and the
number of bays considered in each direction is four. The story height of each
building has been considered as 3 m having a floor area of 16 m � 16 m. M25
grade concrete, Fe 415 grade for longitudinal steel and Fe 250 grade for transverse
steel are considered for the design of building. The thickness of infill wall is
considered 0.250 m for exterior and 0.125 m for interior partitions. Only the loads
of the infill are considered which are uniformly distributed along the length of
beams in the frame. The slab thickness is assumed as 0.125 m at different story
levels. The dead loads confirming IS 875 Part-1, 1987a [9] and imposed loads
confirming IS 875 Part 2, 1987b [10] of the RC buildings are taken.

To study the seismic performance of these low- and mid-rise RC buildings, two
hazard levels such as design basis earthquake (DBE) and maximum considered
earthquake (MCE) are taken, considering 5% damped accelerating response spec-
trum for medium soil site of zone V having peak ground acceleration of 0.36 g.

5 Modeling Approaches

In the present study, beam and column elements are modeled as nonlinear frame
elements with lumped plasticity by defining plastic hinges accounting for the
material nonlinearity. For RC frame buildings subjected to lateral loads such as
seismic action, flexural deformations occur near the frame elements’ extremities

Table 1 Damage-state
thresholds (Barbet et al. [2])

Damage grade Damage state Damage-state threshold

DG1
DG2
DG3
DG4

Slight
Moderate
Severe
Complete

S̅d1 = 0.7 Sdy
S̅d2 = Sdy
S̅d3 = Sdy + 0.25

(Sdu−Sdy)
S̅d4 = Sdu

Table 2 Damage states and
mean damage index values
(Barbet et al. [2])

Mean damage index intervals More probable damage state

0−0.5
0.5−1.5
1.5−2.5
2.5−3.5
3.5−4.0

No damage
Slight damage
Moderate damage
Severe damage
Complete damage
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and hence flexural hinges are assigned to the member ends while modeling.
Coupled P-M2-M3 hinges considering the interaction of axial force and bending
moments are used for columns, and uncoupled moment or flexural M3 hinges are
used for beams. Properties of flexural hinges generate the actual response of rein-
forced concrete components subjected to lateral load. The hinge properties which
are used here according to FEMA-356 [8] are section-dependent.

6 Results and Discussions

The pushover curve shows the total base shear (in terms of building weight) as a
function of roof drift with its bilinear representation. From pushover curve, yield
displacement and ultimate displacement defining the bilinear spectra for the mod-
eled RC buildings are evaluated and given in Table 3. The yield point represents the
strength level beyond which the response of the building is strongly nonlinear. The
ultimate point is related to the maximum strength of the building when the global
structural system reached a full plastic mechanism.

Capacity curves (spectral acceleration and spectral displacement) in ADRS
format are shown in Fig. 1 for RC buildings considering design basis earthquake
(DBE) and maximum considered earthquake (MCE) which are very much useful in
ascertaining whether and how a structure is capable of sustaining certain level of
seismic load and its behavior in the nonlinear or inelastic range. Performance point
is the intersection of the capacity curve with the appropriate demand curve in the
capacity spectrum method and is calculated using the iterative method (procedure
A) of equal displacement approximation according to ATC-40, 1993 [6]. It rep-
resents the inelastic or nonlinear displacement that the structure is going to expe-
rience for the given level of earthquake. Using this point, the associated damage
state for the structure can be evaluated and this damage state can be compared for
different earthquakes. From these capacity curves, it has been observed that the
performance points are coming in nonlinear range, i.e., beyond the yield point in
both DBE and MCE hazard levels for all the RC buildings. From these capacity
curves, it has been observed that the performance points are coming in nonlinear
range, i.e., beyond the yield point in both DBE and MCE hazard levels for all the
RC buildings.

Table 3 Yield and ultimate
spectral displacement for RC
buildings

Building class Displacement
(m)

Spectral
displacement (m)

Yield Ult Yield Ult

Low-rise
GLD
ERD

0.041
0.064

0.236
0.170

0.032
0.048

0.185
0.129

Mid-rise
GLD
ERD

0.037
0.096

0.317
0.267

0.028
0.096

0.241
0.200
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(a) Low rise (GLD)

(b) Low rise (ERD)

(c) Mid rise (GLD)

(d) Mid rise (ERD)

Fig. 1 Capacity curves for
RC buildings
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Table 4 shows the spectral acceleration and spectral displacement parameters
corresponding to performance point for DBE and MCE of RC buildings. The
spectral displacement is coming higher for MCE as compared to DBE with respect
to its performance point for low- and mid-rise RC buildings. So, from this it is clear
that RC buildings show good performance in DBE as compared to MCE as spectral
displacement is very lower in DBE. And it also depicts that in both DBE and MCE
hazard levels ERD buildings show good behavior as compared to GLD buildings in
both low- and mid-rise categories. In DBE, low-rise GLD RC building is subjected
to the spectral displacement of 53 mm, whereas for ERD RC building it is
decreasing and subjected to 48 mm. And in MCE, it significantly varies from
141 to 81 mm. Similar trend has been observed in mid-rise RC building for DBE
and MCE. It implies that the ERD RC buildings have higher stiffness and strength
due to slenderness and failure criterion used in the design of buildings and pushover
analysis.

Table 5 shows the median spectral displacement for slight, moderate, extensive,
complete damage states of low-rise and mid-rise RC buildings which are obtained
from damage-state thresholds that considered after Barbet et al. [2]. Specific fra-
gility curves have been developed for RC buildings and shown in Fig. 2. It shows
that, in DBE at 53-mm spectral displacement (performance point), the expected
probability of low-rise GLD building for the slight damage is nearly 86%, moderate
damage 70%, severe damage 39%, and complete damage 11%, whereas at 48-mm
spectral displacement ERD building possesses it 67, 49, 36, and 17%, respectively.
For mid-rise GLD building, at 103-mm spectral displacement the slight damage is

Table 4 Spectral
acceleration and spectral
displacement at performance
point for RC buildings

Building class Spectral
acceleration (Sa)
(m2/sec)

Spectral
displacement
(Sd) (m)

DBE MCE DBE MCE

Low-rise
GLD
ERD

0.125
0.287

0.136
0.300

0.053
0.048

0.141
0.081

Mid-rise
GLD
ERD

0.052
0.167

0.066
0.181

0.103
0.077

0.290
0.134

Table 5 Median spectral
displacement of different
damage grades for RC
buildings

Building class Median spectral displacement (mm)

DG1 DG2 DG3 DG4

Low-rise
GLD
ERD

22.41
33.94

32.02
48.49

70.2
68.7

184.8
129.4

Mid-rise
GLD
ERD

19.86
50.52

28.38
72.20

81.58
104.2

241.21
200.30
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(a) Low rise (GLD)

(b) Low rise (ERD)

(c) Mid rise (GLD)

(d)Mid rise (ERD)

Fig. 2 Fragility curves for
RC buildings

566 S. Paul and S. Debnath



98%, moderate damage is 93%, severe damage is 59%, and complete damage is
19%, whereas at 77-mm spectral displacement for ERD building these damages are
72, 53, 38, and 17%.

Similarly in MCE, at 141-mm spectral displacement the low-rise GLD building
undergoes slight damage of 98.9%, moderate damage of 94%, severe damage of
74%, and complete damage of 40%, whereas at 81-mm spectral displacement ERD
building depicts it 86, 70, 56, and 33%, respectively. For mid-rise GLD building, at
290-mm spectral displacement the slight damage is 99.9%, moderate damage is
99.6%, severe damage is 90%, and complete damage is 58%, whereas for ERD at
134-mm spectral displacement building these damages are 90, 76, 60, and 34%.
Therefore, from the above results it is clear that the earthquake-resistant designed
buildings depict fewer damages and gravity load designed building experienced
higher level of damages in both DBE and MCE levels.

For each case of earthquake hazard level, damage probability matrices
(DPM) strongly depend on the spectral displacement at the performance point and
the capacity of the building. Tables 6 and 7 show the damage probability matrices
and probable damage state of the considered RC buildings for both DBE and MCE
hazard levels.

Using the mean damage index intervals from Table 2, in case of DBE it has been
observed that both the gravity load designed and earthquake-resistant designed

Table 6 Damage probability matrices (DPM) and probable damage state of RC buildings for
design basis earthquake (DBE) hazard level

Building class Damage-state probabilities DSm Probable damage state

DG1 DG2 DG3 DG4

Low-rise

GLD 0.157 0.308 0.277 0.117 2.07 Moderate

ELD 0.172 0.129 0.194 0.172 1.70 Moderate

Mid-rise

GLD 0.051 0.343 0.395 0.197 2.71 Severe

ELD 0.193 0.149 0.212 0.169 1.80 Moderate

Table 7 Damage probability matrices (DPM) and probable damage state of RC buildings for
maximum considered earthquake (MCE) hazard level

Building class Damage-state probabilities DSm Probable damage state

DG1 DG2 DG3 DG4

Low-rise

GLD 0.049 0.194 0.348 0.398 3.07 Severe

ERD 0.156 0.143 0.235 0.328 2.46 moderate

Mid-rise

GLD 0.003 0.095 0.319 0.582 3.48 Severe

ERD 0.137 0.167 0.255 0.344 2.61 Severe
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low-rise RC buildings lie in moderate damage state. Though they lie in moderate
damage state, the mean damage index varies significantly for ERD as compared to
GLD building, and it is high in case of GLD building. Whereas mid-rise RC
building is lie in severe-to-moderate damage state in both GLD and ERD buildings.
In case of MCE, the low-rise GLD RC building lies in severe damage state and
ERD RC building in moderate damage state. However, the GLD and ERD mid-rise
RC buildings lie in severe damage state with significantly varying mean damage
index. From the above, it is clear that earthquake-resistant designed (ERD) as
ordinary moment-resistant frame buildings show better performance compared to
gravity load designed RC buildings and it lies in lower-level damage state.

7 Conclusion

In this study, seismic performances and damages of gravity load designed and
earthquake-resistant designed low-rise and mid-rise RC bare frame buildings have
been evaluated for the lateral load pattern according to FEMA 356 [8] using
nonlinear static analysis. Fragility analysis has also been performed to develop
fragility curves which characterize the expected structural damage in probabilistic
way. The damage probability matrices are developed to identify the damage state of
RC buildings. The fragility curves indicate higher damage probability for gravity
load designed RC buildings as compared to earthquake-resistant designed build-
ings. Using damage probability matrices (DPM) and mean damage index intervals,
it has been found that the gravity load designed low- and mid-rise RC buildings
experience higher damage as compared to earthquake-resistant designed RC
buildings under both DBE and MCE hazard levels.
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Seismic Fragility of Reinforced Concrete
Frames with Vertical Irregularities

T. Choudhury and H. B. Kaushik

Abstract Seismic fragility functions are essential for performance-based seismic
design of structures. It is a common practice in the past to consider global demand
parameters, such as peak roof displacement or drift in a building to estimate its
seismic fragility. However, such global demand parameters may not suffice in case
of buildings with vertical irregularities, where maximum demand is mostly con-
centrated at the level of irregularity. To investigate the matter, reinforced concrete
frames with and without vertical irregularity (soft storey) are considered in the
current study. Nonlinear dynamic analysis of the frames subjected to ground
motions scaled-up for different PGA is carried out to estimate the local and global
drift demands, also known as engineering demand parameters (EDPs). Seismic
fragilities developed for the frames based on both the local and global EDPs are
presented. Finally, the importance of component-based fragilities for irregular
frames is emphasized.

Keywords Reinforced concrete frames � Vertical irregularity � Seismic fragility

1 Introduction

This paper provides an investigation into the seismic fragility assessment
methodologies for reinforced concrete (RC) frames with and without vertical
irregularities (soft storey). The most common engineering demand parameter
(EDP) considered in a large-scale fragility assessment of building includes peak
roof or top storey displacement. Here, the global displacement or drift response of
the building is entirely defined by the top storey displacement. However, such a
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methodology is insufficient to describe exactly the failure mechanism in a building
particularly in case of irregular frames, such as open ground storey (OGS) frames,
where the failure is mostly concentrated at the level of irregularity. OGS columns
lack adequate ductility capacity, stiffness, and strength needed to resist the high
demand of storey shear. This leads to an undesirable column-sway failure mech-
anism in OGS buildings subjected to earthquake excitations, in which failure occurs
mostly in the columns of the ground storey. In contrast, the infills present in the
upper stories restrain the deformation of the upper storey, and thus, little damage is
incurred in the upper storeys. Figure 1 shows two such OGS buildings, which
suffered severe damage in the ground storey during 1999 Kocaeli earthquake [1]
and 2004 Sumatra earthquake [2]. These buildings were found to be damaged even
in a moderate level of earthquake intensity without any noticeable damage in the
upper stories of the building.

The existing fragility assessment procedures, e.g., HAZUS [3], require dis-
placement thresholds to be defined for a frame type that specify the limiting
capacity of the frame at various damage levels. Several document and literature
suggest such limiting values for different frame typologies. HAZUS defines these
thresholds based on average interstorey drift ratio, which can be converted to
corresponding top storey displacement by multiplying with the height of the
building. This procedure provides a good estimate of fragility for regular frames,
but distorts the true fragility of irregular frames.

Hence, a component-level fragility analysis is carried out in the current study to
estimate the realistic failure fragility of such buildings. For this purpose, an internal
frame (Fig. 2) of a three-bay–four-storey (3B–4S) RC building, designed and
detailed for the highest seismic zone as per the relevant Indian Standards [4],

(a) 

(b)

Fig. 1 a An under
construction five-storey OGS
building severely damaged
during 1999 Kocaeli
earthquake [1]; b a
three-storey OGS building
collapsed in Port Blair during
2004 Sumatra earthquake [2]
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is considered. Two different structural configurations representing both regular and
irregular frames are considered for the 3B–4S RC frame as listed below:

1. Bare Frame: Masonry infill walls are not provided in any storey (regular frame)
2. Open Ground Storey (OGS) Frame: Masonry infill walls are not provided in the

ground storey but provided in all upper storeys (vertically irregular frame)

Nonlinear dynamic analyses of the frames subjected to several ground motions
are carried out to obtain the drift demands on the frames both globally, considering
roof displacement, and locally, at each storey level. The primary objective of the
study is to bring out a favorable engineering demand parameter that defines the
failure, and hence the seismic fragility, accurately for RC frames with vertical
irregularity.

2 Nonlinear Dynamic Analysis

Nonlinear dynamic analyses of the frames are carried out to investigate their
dynamic behavior under earthquake excitations. The seismic input is modeled using
a time history analysis, which involves time-step-by-time-step evaluation of the
building response. For this purpose, 1940 El Centro (Mw 6.9) ground motion scaled
for different PGA levels are considered. The peak interstorey drift (ISD) demands
and maximum storey displacement for different intensity of ground motion at each
floor level is obtained and used as engineering demand parameter (EDP) for seismic
fragility estimation.

Fig. 2 a Structural frame—bare and OGS, b sectional details—beams and columns, c RC frame
and equivalent strut model with lumped plasticity
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2.1 Generic Buildings and Analytical Modeling

Two different RC building typologies are considered for seismic analysis, namely
open ground storey (OGS) frame and bare frame, and modeled in SAP 2000 [5] for
dynamic analysis. For the OGS frame, stiffness and strength of masonry infills are
considered in the upper stories; however, the ground storey of the frame is kept
open, i.e., without masonry infills. For bare frame, masonry infills are not con-
sidered in any of the stories.

Sectional details of various members of the frame are shown in Fig. 2b. The
frames are fixed at the base of ground storey columns. Beams and columns are
modeled as line elements with concentrated plasticity defined using fiber sections.
The infilled walls are modeled as single equivalent diagonal strut. Length of the
strut is determined as diagonal length of the infill panels and width is considered as
one-fourth of the diagonal length of the walls.

2.2 Material Modeling

The materials considered in the analytical models are concrete, reinforcing steel,
and infill. The compressive cube strength of concrete is considered as 25 MPa
(Elastic Modulus: 25,000 MPa), and the reinforcing bars have expected yield stress
of 450 MPa (Elastic Modulus: 200 GPa). Mander’s model [6] is used to charac-
terize the stress–strain curve of concrete. Idealized stress–strain model proposed by
[7] is used to model the material nonlinearity in masonry considering masonry
prism strength of 4.1 MPa and elastic modulus of 2255 MPa.

The Takeda model [8] as shown in Fig. 3a for hysteresis is considered to model
the hysteretic behavior (cyclic degradation) in concrete. This model included
stiffness changes at flexural cracking and yielding, and also strain-hardening
characteristics. The Takeda model simulates dominantly flexural behavior.

(a)     (b)

Fig. 3 a Force-deformation
relationship of Takeda’s
degrading stiffness models,
b typical kinematic hysteresis
model for reinforcing bars

574 T. Choudhury and H. B. Kaushik



The model has a tri-linear envelope curve and is designed to dissipate energy even
at low cycles once the cracking point has been exceeded.

Figure 3b shows a typical kinematic hysteresis model [9] used for reinforcing
bars. This model is based upon kinematic hardening behavior that is commonly
observed in metals. This model dissipates a significant amount of energy and is
appropriate for ductile materials. Upon unloading and reverse loading, the curve
follows a path made of segments parallel to and of the same length as the previously
loaded segments and their opposite-direction counterparts until it rejoins the
backbone curve when loading in the opposite direction.

Figure 4 shows the pivot hysteretic model used for equivalent strut model for
masonry infill [10]. The pivot model is based mainly on geometrical rules that
define loading and unloading branches rather than analytical laws. This reduces not
only the computational effort but also the number of hysteretic parameters involved.
Moreover, the pivot model has great flexibility in modeling unsymmetrical tension–
compression behaviors, as in the case of infill equivalent struts.

When fiber hinges are used, the cross section is discretized into a series of axial
fibers, which extend along the hinge length. Each of these fibers has a stress–strain
relationship, and together these give the force-deformation and moment-rotation
relationships for the frame section. The fiber hinge is more accurate than the
P-M2-M3 hinge, but it is computationally more expensive.

For the frames, first gravity load analysis, as a combination of dead and live
loads (DL + 0.25 � LL), is carried out before nonlinear dynamic analysis. P-delta
effects are not included in the analyses. Rayleigh damping (C) is assumed based on
a modal damping ratio of 5% [11] and calculated by using Eq. (1).

C ¼ aMþ bK ð1Þ

where a and b are scale factors calculated from:

Fig. 4 Hysteretic pivot law
particularization for the
equivalent diagonal strut [10]
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a ¼ 2ðnixj � njxiÞxixj

x2
j � x2

i
; b ¼ 2ðnjxj � nixiÞ

x2
j � x2

i
ð2Þ

Here, xi and xj are two of the eigen frequencies of the system and ni and nj are
their corresponding damping ratios, approximately equal to 0.05. The damping ratio
for each mode i can thereafter be calculated from:

ni ¼
1
2xi

aþ xi

2
b ð3Þ

Nonlinear time history analyses are conducted using El Centro ground motion
scaled for different PGA values ranging from 0.3 to 1 g.

3 Seismic Damage and Fragility Assessment

Seismic damage and fragility assessment is the numerical quantification of probable
damage to a building due to a given hazard. In order to physically categorize the
degree of damage to the members of a building under an earthquake of a specific
intensity, damage states are specified. The most common form of a seismic fragility
function is the lognormal cumulative distribution function and is of the form as
shown in Eq. (4). P½x� hdjIM� represents the conditional probability of exceedance
of the EDP (here, x) with respect to hd, given intensity measure (IM). Ф represents
the standard normal probability, hd is the median value of EDP, i.e., interstorey
drift, assumed according to HAZUS [3] for different damage states considered
[Slight (S), Moderate (M), Extreme (E), and Collapse (C)]. The drift thresholds are
suitably converted to displacement threshold. The total uncertainty in fragility
estimation (bd) is taken as 0.7 [12].

P½x� hd jIM� ¼ U
ln ðx=hdÞ

bd

� �
ð4Þ

4 Results

4.1 Nonlinear Time History Analysis

Several nonlinear dynamic analyses for both bare and OGS frame are carried out,
and displacement time histories of the selected joints at each floor levels are mon-
itored. The peak displacement and interstorey drift (ISD) profiles of the frames for
different PGA are shown in Fig. 5. Displacement profile at the ground storey level
shows a very high response for OGS frame, compared to bare frame.
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The displacement demand gradually goes on increasing from lower stories to upper
stories in bare frame, whereas it remains almost constant in case of OGS frame.

ISD profile gives the relative deformation demands on the columns in a storey.
As observed from past earthquakes, the OGS columns are subjected to very high
drift demand, but there is negligible drift demand in the columns of the upper
stories. There is a sudden and drastic change in the ISD profile of upper stories
compared to the OGS. The bare frame, however, shows uniform variation in the
ISD demands throughout the frame height. Thus, the distribution of damage is also
uniform in case of bare frame (or regular frames).

4.2 Seismic Fragility

The seismic fragilities are computed using Eq. (4) considering the following EDPs
at various floor levels:

i. Peak displacement at the top storey

It is clearly observed from Fig. 6 that the seismic fragility of bare frame is more
compared to OGS frame considering the top displacement for both the frames for
all PGA and for all damage states.

ii. Peak displacements at each floor level

Fragility with respect to displacement at all the floors is obtained by considering
linear distribution of the thresholds. The average interstorey drift is multiplied by
the respective height at each floor of the building to obtain the displacement
threshold as per HAZUS [3]. In this case, the seismic fragility at the ground floor is
observed to be the highest (Fig. 7). Also, the fragility of OGS frame is higher than
the bare frame. The fragility of the upper floors is lesser than the adjacent lower
floors in each frame. However, the behavior or failure pattern of OGS frames,
as shown in Fig. 1, is not observed in the seismic fragility obtained. The upper

Fig. 5 Displacement and
interstorey drift profile
(ISD) for bare and OGS
frames for El Centro ground
motion with increasing PGA
(0.3, 0.5, 0.7, 1 g)
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stories are least affected during earthquake and, hence, are not vulnerable to damage
and remain intact, even after heavy damage to the columns of OGS.

iii. Interstorey drift (ISD) at each floor level

Fragility with respect to ISD at each floor level is obtained by considering
uniform distribution of the drift thresholds for each damage state. Fragility with
respect to ISD clearly shows the failure pattern of the regular and irregular frames.
For the OGS frame, seismic fragility is almost nil in case of upper stories, whereas it
is maximum at the ground storey level (Fig. 8), which is obvious, since the OGS
frames fail due to the failure of the open ground storey columns. In contrast, the
fragility of bare frames is uniformly distributed throughout the height of the
building. The fragility goes on decreasing from bottom floor to the upper floors.
Comparing the fragility at the top node and also at the ground floor shows the clear
difference in the behavior of the two frames (Figs. 9 and 10).

Fragility at the top of the OGS frame is almost zero as expected from real
damages in structures during previous earthquakes. At the same time, the OGS
columns are found to be more vulnerable than the bare frame ground storey col-
umns, which is obvious. Hence, this form of representation can give us a better
view of the fragility in terms of damage incurred in irregular frames, such as an
OGS frame.

Fig. 6 Comparison of seismic fragility obtained for bare and OGS frame considering top level
(TL) or peak roof displacement as the EDP
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5 Conclusion

Irregular frames, such as OGS frames, show storey collapse mechanism in the weak
storey, and in contrast, the regular frames show multistorey collapse mechanism for
the same seismic intensity. The current study is dedicated to the fragility estimation
of irregular frames such that it furnishes the damage pattern also in the frame. In
general, the threshold of infilled frames are reduced by some factors to consider the
effect of infill panels on the building displacement capacity. However, the concern
is the distribution of infills or its absence in some storey throughout the frame that
makes the frame irregular and alters the frame failure mechanism making it
vulnerable.

In this regard, the storey wise fragility, i.e., the component-level fragility is
found to be more relevant and accurate for irregular frames with one or more
flexible storey because the flexible storey has much higher fragility than the adja-
cent stories. In regular frames, (here, bare frame) the distribution of strength and

Fig. 7 Storey wise fragility profile of bare and OGS frame considering displacement demand at
each floor obtained from time history analysis for El Centro ground motion scaled for different
PGA (0.3, 0.5, 0.7, 1 g)
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Fig. 8 Storey wise fragility profile of bare and OGS frame considering ISD demand at each floor
obtained from time history analysis for El Centro ground motion scaled for different PGA (0.3, 0.5,
0.7, 1 g)
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Fig. 9 Comparison of
seismic fragility of bare and
OGS frames at the top level
(TL) with interstorey drift
demand as the EDP
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Fig. 10 Comparison of
seismic fragility of bare and
OGS frames at the ground
level (GL) with interstorey
drift demand as the EDP
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stiffness is uniform along the height of the frame, and hence, its fragility is also
uniform and, therefore, can be conveniently estimated using conventional methods
considering peak roof displacement of the building frame as the engineering
demand parameter.

Acknowledgements The authors acknowledge the financial assistance provided by the Ministry
of Human Resource Development (MHRD), Government of India, in the doctoral research work.

References

1. Aschheim M, Gulkan P, Sezen H, Bruneau M, Elnashai A, Halling M, Love J, Rahnama M
(2000) 11 Performance of buildings. Earthquake Spectra 16(S1):237–279. EERI

2. Kaushik HB, Jain SK (2007) Impact of great December 26, 2004 Sumatra earthquake and
tsunami on structures in Port Blair. J Perform Constructed Facil ASCE 21(2):128–142

3. HAZUS-MH MR-4 (2004) Technical manual, multi-hazard loss estimation methodology,
Federal Emergency Management Agency, Washington, DC

4. Indian Standard 1893 (Part 1) (2002) Criteria for earthquake resistant design of structures: part
1 general provisions and buildings, 5th Rev, Bureau of Indian Standards, New Delhi, India

5. SAP2000 (2015) Structural analysis program—advanced, static and dynamic finite element
analysis of structures. Computers and Structures Inc. (CSI), Berkeley, USA

6. Kaushik HB, Rai DC, Jain SK (2007) Stress-strain characteristics of clay brick masonry under
uniaxial compression. J Mater Civ Eng ASCE 19(9):728–739

7. Mander JB, Priestley MJ, Park R (1988) Theoretical stress-strain model for confined concrete.
J Struct Eng ASCE 114(8):1804–1826

8. Takeda T, Sozen MA, Neilsen NN (1970) Reinforced concrete response to simulated
earthquakes. J Struct Div ASCE 96:2557–2573

9. Hahn GT, Bhargava V, Chen Q (1990) The cyclic stress-strain properties, hysteresis loop
shape, and kinematic hardening of two high-strength bearing steels. Metall Trans A 21(2):
653–665

10. Cavaleri L, Di Trapani F (2014) Cyclic response of masonry infilled RC frames: Experimental
results and simplified modeling. Soil Dyn Earthquake Eng 65:224–242

11. Wilson EL (1996) Three-dimensional static and dynamic analysis of structures. Computers
and Structures Inc, Berkeley, CA

12. Kaushik HB, Choudhury T (2015) Vulnerability analysis of buildings for seismic risk
assessment: a review. Bridge Struct Eng J Indian Natl Group (ING) Int Assoc Bridge Struct
Eng (IABSE) 45(1)

Seismic Fragility of Reinforced Concrete Frames … 583



Partial Factors for Safety Assessment
of T-Girder of RC Bridges Subjected
to Chloride-Induced Corrosion Against
Shear Limit State

N. J. Yogalakshmi, K. Balaji Rao and M. B. Anoop

Abstract The health assessment of bridge is becoming increasingly important in
the view of the life extension programs. The main focus of this study is to develop a
reliability-based procedure to carry out safety assessment against the shear limit
state for a typical T-Girder bridge. Chloride-induced corrosion of reinforcement is
considered to be the primary reason for deterioration of shear capacity with time.
The girder is modeled by series connection of elements in the shear critical region.
The shear capacity is determined by mechanical behavior (brittle or ductile) of each
element depending on degree of corrosion in each element. Using the time-variant
shear capacity obtained from the stochastic analysis, an attempt has been made to
determine the partial factors using first-order reliability method (FORM). These
partial factors can be used for safety assessment of similar T-Girder bridges located
in marine environment and subjected to similar traffic loading.

Keywords Partial factors � Assessment � Chloride-induced corrosion
T-Girder bridges

1 Introduction

Reinforced concrete structures tend to deteriorate with age due to environmental
conditions. Structural deterioration affects the performance of structures by strength
degradation [1]. The existence of a corrosive environment, cyclic loading, and
concrete cracking either in combination or in isolation can cause structural strength

N. J. Yogalakshmi � K. Balaji Rao (&) � M. B. Anoop
Risk and Reliability of Structures, CSIR-Structural Engineering
Research Centre, Chennai 600113, India
e-mail: balaji@serc.res.in

N. J. Yogalakshmi
e-mail: yoga.engg10@gmail.com

M. B. Anoop
e-mail: anoop@serc.res.in

© Springer Nature Singapore Pte Ltd. 2019
A. Rama Mohan Rao and K. Ramanjaneyulu (eds.), Recent Advances in Structural
Engineering, Volume 2, Lecture Notes in Civil Engineering 12,
https://doi.org/10.1007/978-981-13-0365-4_50

585

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_50&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_50&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_50&amp;domain=pdf


degradation. Corrosion of reinforcing steel due to chloride ingress is one of the
important reasons of deterioration in structures. This mainly occurs in chloride-rich
environment like coastal regions. To ensure safety and durability, such deteriorating
structures must be regularly assessed for their strength.

The process of corrosion is complex and involves huge variables in estimating it.
By nature, the basic variables describing the corrosion process are also uncertain
with spatial and temporal variations. Therefore, the corrosion process also exhibits
spatial and temporal variations. This necessitates the use of probabilistic methods to
be adopted for assessment [2]. This work presents methodology for assessment of
in-service T-Girder bridges subjected to corrosion using stochastic analyses
approach for determining the shear capacity of girder. The shear capacity at the end
of 50 years is used in deriving the partial factors that can be used in the preliminary
level of assessment.

2 Corrosion Modeling

The corrosion encountered in steel is of various types. However, the mechanism of
corrosion of reinforcement due to chlorides ingress in the cover region of reinforced
concrete can be divided into two distinct phases, initiation and propagation.

2.1 Corrosion Initiation

The initiation time of corrosion is the period when chloride diffuses from the
environment through the concrete cover before chloride iron concentration equals
the critical chloride concentration at the surface of reinforcement. The chloride
ingress into concrete can be modeled using Fick’s second law [3, 4]. The time of
initiation of corrosion can be expressed as,

Ti ¼ c2

4D
erf�1 c0 � ccr

c0

� �� ��2

ð1Þ

where Ti is the corrosion initiation time in years; c is the concrete cover in cm; c0 is
the surface chloride concentration as percentage weight of concrete; ccr is the
critical chloride concentration as percentage weight of concrete; D is the chloride
diffusion coefficient in cm2/year; erf is the error function.
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2.2 Corrosion Propagation

The next stage in corrosion after initiation is the propagation stage. For localized
corrosion, the maximum penetration of pitting is about four to eight times the
average penetration (as that of uniform corrosion) [5]. The maximum pit depth is
given by,

p tð Þ ¼ rcorr t � Tið Þ ð2Þ

where a is the pitting factor and p tð Þ is the maximum pit depth at time t. The
remaining area of the steel in this study is calculated using empirical expression [6–
8]. Val [7] proposed a model assuming the formation of pit in hemispherical shape.

3 Stochastic Modeling Shear Capacity of Girder

The ultimate shear capacity offered by girder mainly comes from two components:
Shear capacity offered by concrete in the cross section and shear capacity offered by
stirrups.

Vu ¼ Vuc þVus ð3Þ

The shear capacity of the concrete used in the design calculation is given by,

Vuc ¼ scð Þ � bd ð4Þ

The nominal shear strength is expressed as per EN 1992-1-1 [9]. In addition to
the shear capacity of the concrete, stirrups also provide shear resistance and it is
given by,

Vus ¼ AsvfySv
d

ð5Þ

where Asv is the cross-sectional area of stirrup;Sv is the spacing of stirrups; d is the
effective depth of the girder; and fy is the yield strength of the steel used.

3.1 Discretization of Girder

The girder is discretized into smaller elements. The shear failure causes diagonal
cracking which is inclined approximately at angle 45 from support. Therefore,
the length of each element is taken as d which is the effective depth of the girder.
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These elements in the girder are connected in series; hence, the failure of one
element leads to the failure of the girder. The stirrups inside each element are
considered to form a parallel system. The element can be ductile or brittle
depending on the degree of corrosion.

3.2 Shear Capacity of Ductile and Brittle Elements

It is noted that the degree of corrosion of stirrups within the element can vary with
time. The shear capacity of each element depends on the mechanical behavior of the
stirrups—ductile and brittle behavior. It is considered in the study that if 20%
reduction in area occurs in more than 20% of stirrups present in the element, then
the element is brittle [10, 11]. When the element exhibits ductile behavior, the shear
capacity of element is the summation of shear capacity of individual stirrups in the
element. The shear capacity of individual stirrup in the given element at given time
is expressed by,

r ið Þ
j tð Þ ¼ A ið Þ

srj tð Þ � f ið Þ
yj tð Þ ð6Þ

where r ið Þ
j tð Þ represents the shear capacity of jth stirrup in the ith element at time t;

f ið Þ
yj tð Þ represents the yield strength of the jth stirrup in the ith element at time
t. Similar to the loss in area of the stirrups, loss in yield strength of the stirrup also
occurs with corrosion propagation. This is given by,

f ið Þ
yj tð Þ ¼ f ið Þ

yj 0ð Þ � 1� b
A ið Þ
srj tð Þ

A ið Þ
sv 0ð Þ

 !
ð7Þ

where Asv 0ð Þ and fy 0ð Þ are the cross-sectional area and yield strength of the stirrup
at initial time. Asr tð Þ and fy tð Þ are the remaining cross-sectional area and yield
strength of the stirrup at time t. b is the empirical coefficient taken as 0.005 as
recommended by Du et al. [12].

The shear capacity of ductile element due to stirrups becomes,

V ið Þ
s tð Þ ¼

Xns
j

A ið Þ
srj tð Þ � f ið Þ

yj tð Þ ð8Þ

The shear capacity of brittle element due to stirrups is given by,

V ið Þ
s tð Þ ¼ max n:r ið Þ

1 ; ðn� 1Þ:r ið Þ
2 tð Þ; . . .; r ið Þ

n tð Þ
h i

ð9Þ

where r1 tð Þ\r2 tð Þ\. . .\rn tð Þ.
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4 Reliability Analyses

The safety margin equation for assessment against shear capacity is given by,

Z tð Þ ¼ min
i¼1:N

Vs tð ÞþVc tð Þ � V½ � ð10Þ

where V is the shear force on the girder and N is the number of elements. All basic
variables involved in modeling of corrosion initiation time (c0, ccr, and D) and
propagation model (Icorr, a) are considered as time-invariant random variables.
Similarly, the shear force is also considered to be time-invariant random variables,
whereas the shear capacity of the girder becomes time-dependent random variable
due to loss in yield strength and loss in area of the reinforcement with time. The
girder fails if,

Z tð Þ� 0 ð11Þ

The probability of failure is calculated by simulating 1000 such realizations,

Pf tð Þ ¼ no: of cases with Z tð Þ� 0½ �=1000 ð12Þ

4.1 Partial Factors for Assessment

Using the distribution of shear capacity of girder estimated at a particular instant of
time from the stochastic analysis and by using the distribution of prevailing loads
on the bridge, the partial factors for assessment can be derived adopting first-order
reliability method (FORM) method.

5 Illustrative Example

MORT&H [13] recommends standard drawings for bridge design. A typical bridge
built according to standard MORT&H drawing is considered as an example in this
study. Reinforced concrete T-Girder bridge is of span 10 m and width 12 m, car-
rying three-lane traffic with four main girders. The bridge girders are assumed to be
constructed using M25 and Fe415 grades of concrete and steel, respectively, and
considered to be located at Chennai carrying in-service traffic. It is to be noted that
although the in-service traffic loads are not 70 R, it is understood that the difference
in the reliability index due to the design loads and actual plying commercial loads
are not significantly different [14]. Therefore, the design loads are considered as the
actual prevailing load and are used in assessment. The structure is assumed to be at
a coastal environment and hence subjected to deterioration due to chloride-induced
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corrosion of reinforcement. The random variables used in the study are given in
Table 1.

It is more rational to consider variations in quality of workmanship since dif-
ferent bridge/flyovers in cities like Chennai will be constructed by different con-
tractors although the design may be according to MORT&H recommendations. It is
known that the variations in the quality of workmanship can be represented by
varying COV of cover thickness and compressive strength of concrete (though the
average/specified values can still be maintained). However, due to variation in the
quality of workmanship the microstructure of concrete is directly affected. This
would result in variation in mean value of D. These observations are also reported
in literature [15] and the same is considered in the present study as given in Table 2.

In the present investigation, the girders are assumed to be simply supported. The
traffic loading is arranged (in plan) to induce highest shear force. The maximum
shear force occurs at the left support. Though the shear force decreases along the
span, for the sake of simplicity, the shear force is assumed to be constant over a
distance of L/4 in the shear critical region; an assumption that results in conser-
vatives in assessment.

Table 1 Statistical properties of basic variables used in the present study [10]

Variables Units Distribution Mean COV

Diameter of longitudinal rebar Фl mm LN 30 0.02

Diameter of stirrups Ф mm LN 16 0.02

Cover concrete c mm LN 50 0.10

Surface chloride concentration c0 % wt of concrete U 0.211–0.401 0.18

Critical chloride concentration ccr % wt of concrete U 0.073–0.182 0.25

Diffusion coefficient D cm2/year LN 0.5 0.2

Current density near support Icorr lA/cm2 U 1–5 0.38

Current density at interior Icorr lA/cm2 U 0.2–1 0.38

Pitting factor a – U 4–8 0.1

Table 2 Details of random variable sensitive to quality of workmanship [15]

Variables Varying parameter Quality of workmanship

Good Medium Poor

Concrete cover COV 0.1 0.2 0.3

Diffusion coefficient Mean 0.5 1.0 1.5

Compressive strength of concrete COV 0.1 0.2 0.25
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6 Results and Discussions

The reliability of a bridge girder which is not maintained and subjected to
chloride-induced corrosion of reinforcement, with respect to shear limit state, is
very sensitive to the time to corrosion initiation Ti. Moreover, the life of the girder
exposed to marine environment is more or less governed by corrosion initiation
time. Keeping these in view, the statistical properties if Ti of the girder are estimated
using Monte Carlo simulation technique. In simulation, different basic variables
presented in Table 1 are considered to be random variable and one thousand
simulation cycles are considered. The probabilistic distribution of Ti is shown in
Fig. 1. From the results of the simulation, it is found that Tmin

i ¼ 2 years and
Tmean
i ¼ 19 years. The characteristic time of initiation is estimated as 5 years. This

type of information can be useful in design decision. The variation in Ti is deter-
mined for three types of workmanship considered. Mean Ti decreases with decrease
in workmanship quality. The mean Ti for three cases are 60 years, 30 years, and
21 years, respectively. The COV of Ti increases with decrease in quality of
workmanship.

From the stochastic analysis of the shear capacity, the mean value of shear
capacity before corrosion propagation is found to be 1270 kN (which correspond to
Tmin
i ¼ 2 years). The histogram of shear capacity of the girder at time 50 years

(which correspond to approximately service life) is shown in Fig. 2. Figure 2
indicates that the mean of shear capacity of the RC bridge girder has decreased to
929 kN; a 29% reduction in shear capacity due to corrosion in 50 years.

An investigation, similar to the one carried out for Ti, is carried out to study the
effect of quality of workmanship on the degree of variability of shear capacities of
girder at various instants of times. For good quality workmanship, the shear
capacity falls from approximately 1170 to 900 kN in 50 years. Thus, the percentage
decrease in shear capacity over 50 years is 23%. The COV is initially 0.09 and

Fig. 1 Histogram for
initiation time for the
considered example
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constant up to 25 years, later it increases up to 0.185 at the end of 50 years. For
medium quality workmanship, the shear capacity falls from approximately 1150 to
800 kN in 50 years and corresponding decreases is 30.4%. The COV is initially
0.09 and constant up to 20 years, later it increases up to 0.22 at the end of 50 years.
Similarly, for poor quality workmanship the shear capacity falls from approxi-
mately 1150 to 758 kN in 50 years. This corresponds to a percentage decrease of
34%. The COV is initially 0.1 and constant up to 22 years, later it increases up to
0.23 at the end of 50 years The quality of workmanship has a significant effect on
the shear capacity of the element.

The reduction in the shear capacity of the girder with time also causes the safety
margin between the capacity and load effects of the girder to decrease. For the
design combination of variables, the mean of safety margin curve decreases from
820 to 640 kN which correspond to about 22% reduction in 50 years. It is observed
that reduction in safety margin is lesser than reduction in shear capacity. The COV
of the safety margin is initial 0.136 and constant up to 17 years, later it increases up
to 0.146 at the end of 50 years.

The safety margin for all the three cases starts approximately from 715 kN and
falls to 640, 630, and 620 kN for good, medium, and poor quality of workmanship,
respectively. This corresponds to decreases in 10, 11.8, and 13.3% of safety margin
at end of 50 years, respectively.

Since the safety margin falls with time, it is evident that the probability of failure
increases with time. The probability of failure for the considered design combina-
tion at the end of 50 years is estimated as 0.04 as shown in Fig. 3. The corre-
sponding reliability indices is calculated from the expression,

Fig. 2 Distribution of shear
capacities of the girder at
50 years for the design
combination of variables
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b ¼ U�1 �Pf½ � ð13Þ

The reliability index at the end of 50 years becomes 1.75. Similarly, the prob-
ability of failure of the girder with time is plotted for different quality of work-
manship as shown in Fig. 4. It is observed that variation in probability of failure at
the end of 50 years is 0.001 for good quality workmanship, 0.015 for medium
quality workmanship, and 0.025 for poor quality workmanship. The corresponding
reliability indices are 3.1, 2.2, and 2.0. This does not satisfy the target reliability for
ultimate shear capacity limit state (3.3 or 3.8 depending on the consequence of
failure) [16, 17]. While it is preferable to meet these target reliabilities, but the
structures are located in very severe environments, it may result in costly repairs.
However, this type of analyses would help in ration prioritization of repairs for
bridges in bridge stock.

The partial factors for resistance and load effects are then derived using the
FORM expression,

ci ¼ 1� btaiXXi ð14Þ

where Xi represents the basic variables and bt is taken as 1.6 as suggested in [14].
The values of derived partial factors for assessment against shear capacity are given
in Table 3.

These partial factors can be used at the time of assessment to find the minimum
resistance required.

Rmin ¼
P

i ci � Load effect0i0

cs
ð15Þ

If the resistance of the structure satisfies the minimum resistance, then the
structure is safe. If not load posting have to be imposed for normal operation. If the

Fig. 3 Probability of shear
failure for the considered
design combination of the
variables
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(a) Good quality

(b) Medium quality

(c) poor quality

Fig. 4 Probability of shear
failure of girder for different
quality of workmanship
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margin between the actual resistance minus minimum resistance is very low, then
the structure has to be repaired immediately or to be declared/deemed unfit.

7 Conclusion

The main focus of this paper is to develop a procedure to carry out stochastic
analysis for estimation of shear capacity of T-Girder of a RC bridge. The developed
procedure is demonstrated on a typical girder designed according to MORT&H
recommendations. The reliability of RC T-Girder bridge of 10 m span which is not
maintained and subjected to chloride-induced corrosion of reinforcement is found to
sensitive to initiation time of corrosion. The shear capacity of the demonstrated
example decreases by 29% at the end of service life due to corrosion. The corre-
sponding reduction in safety margin is 22%. The reliability index is 1.7 at the end of
50 years. The traffic load considered in this study is a time-invariant random
variable. 70 R and Class A loadings are used since the reliability of bridge by
design loads is similar to in-service loads. However in the future studies, traffic load
can be considered as time-variant random variable, provided relevant information is
available about the traffic condition.

A parametric study involving variations in quality of workmanship shows that
the quality of workmanship has a significant impact on the initiation time, shear
capacity, safety margin, and its resulting failure probability. This gets reflected in
the derived partial factors for assessment. The resulting partial factors are 0.998 for
concrete, 0.552 for steel, 1.034 for dead load, and 1.068 for traffic load for good
quality workmanship. 0.977 for concrete, 0.449 for steel, 1.031 for dead load, and
1.063 for traffic load for medium quality workmanship. Similarly, 0.967 for con-
crete, 0.388 for steel, 1.03 for dead load, and 1.06 for traffic load for poor quality
workmanship. These partial factors can be adopted for safety assessment after
proper calibration for similar bridges, thus avoiding similar analysis to be repeated.
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Estimation of Residual Crack Widths
in Post-Yield Response Range

Saurabh Shiradhonkar and Ravi Sinha

Abstract Crack width calculation is one of the serviceability requirements in the
structural concrete elements. Estimation of maximum crack widths under service
loading, when response remains in linear range, is well studied in the literature.
However, when an RC building is subjected to extreme loading such as an earth-
quake, peak response of RC members is usually in the post-yield region. The
applicability of available crack width formulation in post-yield response range has
not been studied in the literature. Additionally, the relationship between maximum
crack width that occurs at peak response, and residual crack width that occurs at the
end of loading, is not available in published the literature. Such relationship is
useful to trace the peak loading experienced by the member from its condition,
observed at the zero force condition. In the present study, the available crack width
formulae are reviewed thoroughly and validated in pre- and post-yield response
ranges by reproducing observed experimental responses. The simulated experi-
mental responses are also used to develop a relationship between residual and
maximum crack widths. The effect of cyclic loading on the residual crack width is
also presented in the present paper.

Keywords Maximum crack width � Residual crack width � Nonlinear response

1 Introduction

Cracking of concrete is a complex phenomenon and mainly caused by the tensile
weakness of concrete. Cracking of RC section is characterized by axial tensile
strain, bar diameter, bar spacing, fracture energy of the concrete, and modules of
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elasticity of concrete and steel. When an RC section is subjected to an incremental
load, initial cracking on tension side occurs as tensile strain at bottom fiber exceeds
limiting tensile strain in concrete. The initial cracking in RC section is governed by
the tensile strength of the concrete. Strength criterion governs cracking till tensile
strain in bar reaches limiting tensile strain in the concrete. After this stage, an
additional increase in crack width value is because of slippage of the bond between
concrete and reinforcement bar. Generally, strength criterion remains valid for crack
widths of the order 0.10–0.50 mm, while bond slippage predominately contributes
in higher crack width values. During the initial cracking phase, strains in steel and
concrete remain equal for a portion of the element between the cracks and therefore
no slippage occurs. If crack spacing is greater than twice the transfer length (lt) of
the bond, another crack occurs between initial cracks as concrete stress reaches the
tensile capacity. Once crack spacing varies between lt and 2lt crack development
stabilizes, and no new cracks are formed. At initial cracking, concrete between
cracks remains stress-free at the crack surface and steel carries the entire load; but
during crack stabilization phase, concrete between cracks is subjected to tensile
stresses due to the bond between steel and concrete. The development of bond
stress finally leads to bond slippage and increase in the crack opening. Increase in
maximum crack width due to bond slippage is estimated by integration of the steel
and concrete strains between initial cracks (or transfer length) and generally found
as twice of bond slip for symmetrical cracking behavior. Fracture mechanics
models are also studied to capture the increase in cracking caused by bond slippage.

Several formulae have been proposed to estimate the maximum crack width and
crack spacing. In the present study, the available crack width formulae are reviewed
thoroughly and validated in pre-yield and post-yield response ranges by repro-
ducing observed experimental responses. The simulated experimental responses are
then used to develop a relationship between residual and maximum crack widths.

During seismic loading, the members of the building frames experience several
cycles of load reversals. Therefore, the effect of cyclic loading on the residual crack
width is also studied using published experimental responses.

2 Available Formulae to Estimate of Maximum
Crack Width

Several formulae have been proposed to estimate the maximum crack width and
crack spacing. Borosnyoi and Balazs [1] extensively reviewed the development of
flexural crack and summarized most relevant formulae for crack spacing. The
available crack width formulae are either based on mechanics models such as
fracture mechanics models [2, 3], bond slip models [4, 5] or empirical relationships
developed by fitting of a large number of experimental data [6]. Development of
various crack width formulae has been discussed in this section.
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Bazant and Oh [2] expressed crack spacing and crack widths as a function of
strain energy released due to initial tensile stress exceedance (strength criteria) and
bond slip, using fracture theory. This theory differentiates micro- or initial cracks,
caused before tensile strain in bar exceeds limiting tensile strain in the concrete, and
increase in the crack widths caused by bond slippage. It was mentioned that as the
strain is increased, the first cracks appear at a certain strain, and subsequently,
further cracks are produced which causes the crack spacing to diminish as the strain
grows.

Oh and Kang [3] proposed formulae to estimate crack width and spacing on the
basis of cracking theory. Cracking theory was proposed by Bazant and Oh [2] to
estimate crack spacing and maximum crack width formula using energy criterion of
fracture mechanics as well as the strength criterion. The strength criterion indicates
whether the fracture formation can initiate while the energy criterion indicates
whether the fracture can actually form. Bazant and Oh [2] expressed crack spacing
as the function of axial tensile strain, bar diameter, bar spacing, fracture energy of
concrete, and its elastic modulus. Oh and Kang [3] extended this cracking theory
and proposed the following formula to estimate the crack width, by minimizing
nonlinear function of above-mentioned variables weighted by the constants against
experimental data for best prediction.

Wmax ¼ dbbðes � 0:0002Þ
159 tb

h�d

� �4:5
þ 2:83 Ac

nbAs1

� �1
3

0
@

1
A ð1Þ

where b is the ratio of distance between neutral axis and tension face to distance
between neutral axis and centroid of reinforcing steel. Ae is the effective stretched
concrete area db and As1 are diameter of bar and its area, respectively. (h–d) is
distance between neutral axis and tension face, es is strain in steel, nb is number of
reinforcing bars in tension, and tb is effective cover.

Balazs [4] presented a method for crack width estimation under monotonic
loading using local bond stress–slip relationship together with the evaluation of
transfer length and stress distribution between the cracks. The transfer length is
necessary for transferring the axial force of reinforcing bar to concrete. The crack
width is based on the integration of the steel and concrete strains between cracks as,

Wmax ¼ b� swfs
Es

ð2Þ

where fs is stress of reinforcing bar and Es is modulus of the elasticity reinforcing
bars. Thus after crack stabilization phase, an increase of load causes an increase of
the crack widths and maximum crack width at the level of reinforcement is pro-
portional to the strain in the concrete, as explicitly mentioned by Frosch [7].

The Gergely and Lutz [6] crack width formula has been developed by empirical
relationships based on fitting of a large number of experimental data. The Gergely
and Lutz crack width formula is widely used in design codes such as ACI 318-08
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[8] to calculate crack widths at various performance levels. The maximum crack
width is estimated as,

Wmax ¼ 0:076bf 3s
ffiffiffiffiffiffiffiffiffi
dcAc

3
p

� 10�3 ð2Þ

where dc is distance from center of bar to extreme tension fiber.
Eurocode-2 [9] proposed the following equation for predicting the crack width,

Wmax ¼ 3:4� coverþ 0:425k1k2db
qeff

� �
esmecm ð3Þ

with qeff ¼ As
Ae

and

esmecmð Þ ¼
fs�kt

fctð1þ gqeff Þ
qeff

� �� �
Es

� 0:6 fs
Es

ð4Þ

where kl is coefficient that accounts bond properties (0.8 for HYSD bars, 1.6 for
plain reinforcement) and k2 is coefficient that accounts the strain distribution. The
value of k2 is equal to 0.5 for sections with pure bending and 1.0 for sections with
pure axial tension. kt accounts duration of loading (0.4 for long-term and 0.6 for
short-term loading). fct is tensile strength of concrete and η is the modular ratio.

Allam et al. [10] verified Oh and Kang [3] and Gergely and Lutz [6] crack width
formulas discussed above and several other empirical formulas available in
Egyptian, Eurocode and British codes against the crack widths observed in
pre-yield range during experimentations. In the present study, crack widths are
estimated, in linear and post-yield response ranges, to visually identify different
levels of damage in the RC frame members. It has been seen that, as the maximum
crack width is directly proportional to the strain in steel, crack widths for post-yield
responses can be estimated from strain in steel. Sezen and Moehle [11] used the
concept of slip-based crack width model to determine the increase in deformation of
RC member due to bond slippage of development lengths in the linear and
post-yield region. The slippage of development length in the post-yield region has
been found proportional to strain in steel.

3 Validation of Crack Width Formulas
in Post-Yield Response Range

The increase in the crack width for a proportionate increase in the tensile strain of
the steel is validated using crack widths observed during quasi-cyclic tests on
flexure dominating RC columns and RC shear walls performed by Chen et al. [12]
and Dazio et al. [13], respectively.

Maximum flexural crack widths measured during experiments conducted by
Chen et al. [12] are plotted against the maximum drift in Fig. 1a for RC columns
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with different axial loads. Values of yield drifts for columns with axial load ratios
0.1, 0.3, and 0.5 are 0.24, 0.42, and 0.35%, respectively. A linear relationship
between maximum crack width and maximum drift can be observed in Fig. 1a for
both linear (pre-yield) and post-yield responses. Similarly, a linear relationship
between maximum crack width and maximum drift is observed in Fig. 1b for RC
shear walls measured by Dazio et al. [13] For tested shear walls, the first yield in
extreme reinforcement occurs between 0.75 and 1%. Verderame et al. [14, 15]
tested RC columns with smooth reinforcement under monotonic and quasi-cyclic
loading. It was reported that the crack width increases linearly with the drift in both
linear and nonlinear response ranges. However, the crack widths observed in the
nonlinear range cannot be used for verifying those estimated by reviewed formulas,
as the latter is not applicable to smooth reinforcement.

Chen et al. [12] experimental dataset

(b)

(a)

Dazio et al. [13] experimental dataset

Fig. 1 Comparison of
measured crack width against
maximum drift
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3.1 Analytical Estimation of Crack Widths

Responses of experiments presented in Chen et al. [12] and Dazio et al. [13] are
simulated in IDARC-2D version 7.0. For shear wall specimens of Dazio et al. [13]
experimental dataset, trilinear moment-curvature relationship has been used to
simulate the experimental response. The concentrated shear hinge has been used to
model shear deformation characteristics of the shear wall. The nonlinear shear
deformation properties of the shear hinges are estimated as per Krolicki et al. [16].
Different values of hysteretic modeling parameters are tried during simulation for a
reasonable match between experimental and simulated force–deflection relationship
and yield displacements. Figure 2 compares experimental and simulated force–
deflection relationship for WSH-2, WSH-3, and WSH-6, respectively. A reasonable
match is observed between experimental and simulated force–deflection relation-
ship from Fig. 2.

Table 1 compares the first yield and nominal yield displacements observed
during the experiments with those estimated from the simulations. From this table,
it is observed that both first yield displacements from simulated responses are
closely related with those observed during experimental studies. Similarly, a rea-
sonable match between experimental and simulated responses has been observed
for Chen et al. [12] dataset.

Figure 3 compares maximum crack widths estimated using Gergely and Lutz [6]
formula against maximum crack widths measured by Dazio et al. [13] during
experimental testing of shear walls. The analytical crack widths are estimated using
simulated responses. The analytical estimation of crack widths varies almost lin-
early with the observed crack widths, for values less than 2 mm.

Figure 4 compares maximum crack widths estimated using Gergely and Lutz
[6], Oh and Kang [3] and Eurocode-2 [9] formulas against maximum crack widths
measured by Chen et al. [12] for columns with different axial load ratio. It is
observed that the analytical estimation of crack widths using Gergely and Lutz [6]
and Oh and Kang [3] formulas yield same values and is almost identical to the
observed crack widths, for columns with axial load ratios 0.1 and 0.3. Crack widths
estimated using Eurocode-2 [9] formula are slightly higher compared to those
estimated by Gergely and Lutz [6] formula, for column with axial load ratio 0.1, but
slightly lower for column with axial load ratio 0.3. For a column with axial load
ratio of 0.5, all three formulas overpredict the observed crack widths. This is due to
non-calibration of parameters for higher axial load ratios. However, for axial load
ratios in the interest of present study, all three formulas fairly predict maximum
crack widths in linear and post-yield response phase. Gergely and Lutz [6] formula
is found simpler to use compared to other formulas.
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(a) WSH2

(b) WSH3

(c) WSH6

Fig. 2 Comparison of
experimental and simulated
force–deflection relationship
for shear walls, Dazio et al.
[13] experimental dataset

Estimation of Residual Crack Widths … 603



Table 1 Comparison of
simulated and measured yield
displacements for Dazio et al.
[13]

At first yield of
reinforcement (mm)

Nominal yield
disp. (mm)

Simulated Measured Simulated Measured

1 8.06 8.40 12.31 11.00

2 9.98 7.80 12.68 10.50

3 11.24 11.30 17.60 16.50

4 11.18 11.40 16.61 15.50

5 7.89 7.80 10.57 9.30

6 10.35 9.90 15.74 12.70

Fig. 3 Comparison of
measured and calculated
crack widths using Gergely
and Lutz formula for Dazio
et al. [13] experimental
dataset

Fig. 4 Comparison of
measured and calculated
crack widths for Chen et al.
[12] experimental dataset
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4 Estimation of Residual Crack Width

The relationship between peak response parameter and residual crack widths has
been developed using the relationship between the residual ratio of maximum crack
width and drift as reported by Chen et al. [12]. The residual ratio of maximum crack
width (Rw) is defined as the ratio of residual width to its maximum crack width.

Figure 5 shows the relationship between Rw and drift, for columns with different
axial load ratios. It is observed that the residual ratio yielded low values for lower
drift ratios, but shows a sudden increase after longitudinal reinforcement has
yielded. The residual ratio remained constant at high levels after yielding of lon-
gitudinal reinforcement. Rw gradually decreases with increase in the axial load ratio
from 0.1 to 0.5. The reduction crack closing capability and effect of axial load on
Rw is due to increase in the contribution of bond slippage in total maximum crack
width.

The relationship between maximum and residual crack widths has been studied
using local bond stress–slip relationship proposed by Oh and Kim [17]. Oh and
Kim [17] conducted several cyclic tests to develop bond slip relation under repeated
loading to determine the increase in residual slip with the increase of load cycles.
The numbers of constant amplitude load cycles applied before complete pullout
tests were 0, 10, 100, 1000, 10,000, and 100,000. Slip and residual slip were
measured at 1st, 10th, 100th, 1000th, 10,000th, and 100,000th cycle. Measured
values of slip at peak of bond stress and residual slip at the end of first cycle are
summarized in Table 2.

From Table 2, it can be observed that residual bond slippage at zero force level
is almost same as that of maximum bond slippage in that cycle. Thus, the bond
slippage contributes equally in maximum and residual crack widths. On the other
hand, cracking caused by strength criterion contributes only in maximum crack
width. Cracking governed by strength criteria increases with increase in the tensile
strain in extreme concrete fiber and attends constant value once tensile strain in
reinforcement bar exceeds limiting tensile strain of concrete. Thus, an increase in

Fig. 5 Relationship between
residual ratio (Rw) and % drift
for Chen et al. [12]
experimental dataset
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the residual ratio Rw with an increase in drift is due to increase in the contribution of
bond slippage in total maximum crack width.

Rw ¼ 0:3� l/; for l/\2

Rw ¼ 0:6; for l/ � 2
ð5Þ

Arelationship betweenRw and curvature, columnswith axial load ratios 0.1 and 0.3
and beams is established using simulated responses. The drift measurements in Fig. 5
are converted into curvature ductilities using simulated responses. Figure 6 illustrates
relationship between residual ratio Rw and curvature ductility. For columns, the
residual ratio increases with increase in curvature ductility and attends constant value
of 0.6 for curvature ductility more than 2, as shown by the idealized curve.

5 Effect of Cyclic Loading on Maximum
and Residual Crack Widths

Maximum flexural crack widths observed at the peak of successive cycles, during
quasi-cyclic tests on flexure dominating RC shear walls Dazio et al. [13], are plotted
in Fig. 7. A linear relationship between maximum crack widths at the peak of the

Table 2 Measured values of slip at peak of bond stress and residual slip at the end of first cycle
for Oh and Kim [17] experimental dataset

Slip (mm) Residual slip after first cycle (mm)

0.45 0.278 0.138

0.60 0.472 0.440

0.75 0.528 0.500

Fig. 6 Relationship between
residual ratio (Rw) and
curvature ductility
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first and second cycle is observed for both linear (pre-yield) and post-yield
responses.

Oh and Kim [17] proposed the following relationships to estimate residual slip
(srN) after N cycles from residual slip after first cycle,

srN ¼ sr1 � N�0:098 ð6Þ

During strong motion earthquakes, structural members are usually subjected to
at most 5–10 cycles of load reversals after peak response. Therefore, residual crack
widths in the members estimated using Eq. (6) are 15–20% higher at the end of
earthquake compared to those at the end of first load reversal. Thus, residual crack
width at the end of earthquake motion does not differ substantially compared to the
same at the end of first peak load reversal.

6 Summary and Conclusions

Substantial work has been carried out to determine the maximum crack width in the
RC element. These formulae were calibrated for crack widths measured in linear
response range of the member. In order to study the applicability of available
formulae in post-yield response range, the available crack width formulae are
reviewed thoroughly and then evaluated in pre- and post-yield response ranges
using the simulation of observed experimental responses.

From the study, it has been observed that available formulas fairly predict
maximum crack widths in linear and post-yield response phase, when axial load
ratio in a member is less than 0.3.

The simulated experimental responses are also used to develop a relationship
between residual and maximum crack widths and to study the effect of cyclic
loading on the residual crack width. For earthquake loading, the residual crack

Fig. 7 Relationship between
residual ratio (Rw) and
curvature ductility for Dazio
et al. [13] experimental
dataset
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width at the end of loading is nearly same as that of residual crack width at the end
of first peak load reversal, which is estimated from the curvature ductility at peak
response and corresponding maximum crack width. The proposed relationship
between residual and maximum crack width is useful to trace the peak response
experienced by the member from its condition at the end of loading and to predict
the residual capacity of the member and that of the building.
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Influence of Variation of Material
Properties on Interstorey Drift of RC
Frame Buildings

Ashish Sapre and Ravi Sinha

Abstract The main ingredients that provide load-resisting capacity to RCC
members are concrete and steel. They possess very different physical properties in
elastic as well as inelastic range. Their production processes contribute to variation
in their properties, and thereby the resultant behaviour of the RCC members. This
paper aims to quantify the effects of material variation on the seismic resistance
capacity of RCC buildings. The study uses 3-bay 2D RC frame of two building
types, low-rise (G + 3) and mid-rise (G + 7) which are designed as per Indian
standards. Both building types are further divided into three categories based on
ground floor height. Interstorey drift ratio (IDR) is used to evaluate the influence of
variation in steel and concrete properties on the seismic resistance of the buildings.
It is observed that at lower and higher IDR, concrete variation governs the structural
response. However, at middle range of IDR, it is steel property variation that
governs structural behaviour. It is also found from plot of IDR versus PGA and
PGV that PGV is a better indicator of IDR, and thus structural damage for both
building heights.

Keywords Material variation � Nonlinear dynamic analysis � Soft storey
Interstorey drift (IDR) � Seismic response

1 Introduction

Factors that affect a building’s seismic response can broadly be classified into
seismic parameters and building parameters. First set deals with shaking charac-
teristics, for example, the peak ground acceleration (PGA), duration, frequency
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content, source-to-site distance. We have little control over it. The second includes
building design, material property, building irregularity, quality of maintenance and
can be controlled. To understand seismic response of building, it is important to
understand these parameters.

Material variation in a building stock plays important role in deciding its
response to seismic excitation. Understanding material variation’s effect on
post-earthquake damage calls for a probabilistic analysis. Most complex form of
such exercise demands nonlinear time history analysis of several buildings for
range of earthquake.

Dumova-Jovanoska [1] developed two sets of fragility curves and damage
probability matrices for RC structures of Skopje (Macedonia) region. Two repre-
sentative RC frame structures of 6 storeys and 16 storeys were analysed using
nonlinear dynamic analysis for 240 synthetic earthquake time histories. Structural
damage was measured using the damage index by Park and Ang [2], and corre-
sponding individual discrete damage states were derived.

Kwon and Elnashai [3] derived vulnerability curves for mid-rise RCC frame and
adopted concrete variation as normally distributed with 24 MPa mean strength and
18.6% coefficient of variation. Coefficient of variation was based on the previous
study by Barlett and MacGregor [4]. This study was based on large number of tests
spanning 6 years from 1988 to 1993. Authors used data from 3756 cylinder tests
from 108 mixes with strength less than 55 MPa. Relationship between in-place
compressive strength of concrete in structures and specific strength was studied
using this vast amount of data. Kwon and Elnashai [3] assumed normal distribution
for steel strength with 337 MPa mean strength and 10.7% coefficient of variation
based on previous study [5].

Singhal and Kiremidjian [6] derived vulnerability curves for low-rise, mid-rise
and high-rise buildings with concrete and steel strength as random variable.
A normal distribution for concrete is used with mean strength of 1.14fck and
coefficient of variation as 0.14. Lognormal distribution was used for steel strength
with 1.05fy mean strength and coefficient of variation as 0.11.

Rossetto and Elnashai [7] used sample size of 25 structures to obtain vulnera-
bility curve for RCC frame with infill walls. This study assumed normal distribution
for concrete strength with nominal fc as mean value and 0.12 as coefficient of
variation. It also used masonry infill as a random variable with lognormal distri-
bution, nominal fcw as mean value of infill strength and 0.2 as coefficient of vari-
ation. They considered lognormal distribution for reinforcing steel.

A 25-storey structure was analysed by Tantala and Deodatis [8] to generate
fragility curve with random variable as concrete and steel strengths. Concrete
strengths were distributed as normal distribution with mean strength of 3.39 ksi and
coefficient of variation 18%. This analysis used single model with variable strength
of beams and columns. Beam on the same floor was considered to be of same
strength because practically they are cast with same batch of concrete. Normal
distribution is used for steel strength with 67.5 ksi mean strength and 9.8% coef-
ficient of variation.
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Reinforcing steel strength is considered to be more uniform compared to con-
crete because of better quality control. However, researchers have found variation
large enough to be considered as random variable.

Main focus of all such studies has been to develop fragility and/or vulnerability
curves. However, there is no comparative study available to show effect on building
response due to only concrete variation or only steel variation. Such study will help
to understand and quantify, if there is any, relative importance of one material over
other for range of seismic excitations.

In an RC building, the concrete is non-homogenous and is produced in
not-so-controlled environment. In contrast, steel is factory-produced in controlled envi-
ronment. So steel has lower variation in its physical andmechanical properties compared
to concrete. Behaviour of bothmaterials after yielding also differs significantly. Hence, it
is necessary, besides being interesting, to evaluate the influence of properties of concrete
and steel on the structural behaviour under seismic base excitations.

A seismic intensity measure (IM) is a parameter chosen to represent strength of
earthquake shaking, for example, peak ground acceleration (PGA), peak ground
velocity (PGV), a/v ratio (PGA/PGV), spectral acceleration (Sa), spectral velocity
(Sv). In the past, many of the above-mentioned IMs have been used to represent
structural damage. In this study, it is aimed to compare PGA and PGV as a measure
of maximum interstorey drift ratio (IDR).

This study has chosen concrete and steel rebar property as variable to understand
their relative importance to resist seismic forces. Nonlinear dynamic analysis of
several RC frames is conducted for four set of materials: (µC, µS ± rS) and
(µC ± rC, µS), where µ is the average and r is standard deviation of material
property. Subscripts “c” and “s” represent concrete and steel, respectively.

2 Building Design and Analysis Model

In the current study, a 3-bay 2D RC frame of low-rise (G + 3 storey) and mid-rise
(G + 7) are designed using IS code procedure [9, 10]. Seismic design is done
considering building to be located in Zone IV. These building types are further
divided into three frames based on ground floor height. First subtype has same
ground floor height as above stories, i.e. 3.35 m. Second and third subtypes have
4 m and 5 m high ground floor, respectively. Special provisions of designing for
soft storey are not considered, because it is not followed up usually in practice.
Building geometry is as per design example in Agarwal and Shrikhande [11].

Nonlinear model of structure, developed in ANSYS software, consists of elastic
beam element and nonlinear hinge elements at the end of elastic beam elements.
Joints are modelled as rigid, and hinges are considered to be formed at d/2 from the
edge, where d is depth of member. Hinge length is considered to be equal to
member depth (d). Figure 1 shows nonlinear model of buildings as modelled in
ANSYS. Material nonlinearity of concrete and steel is considered as per Indian
standards [9, 12].
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Damping in the analysis is defined using Rayleigh model. Damping coefficients
a and b are defined using first and second mode frequency.

Following assumptions are made for creating nonlinear frame model:

(a) Plastic hinge length is kept constant to beam/column depth.
(b) Plastic hinge in frame member is assumed to be located at a distance d/2 from

the edge of perpendicular frame member, where d is depth of frame member.
(c) Hinge property is assumed to be non-degrading bilinear.
(d) End of member is assumed to be rigid for the portion which is imbedded in

other perpendicular member.

Variation in concrete and steel material property is chosen from Indian standards
[9] and published literature of previous studies [13]. Mean strength for concrete and
steel is 26.6 and 468.9 MPa, and coefficient of variation is 15 and 7.3%, respec-
tively. Table 1 shows building types, and Table 2 shows concrete and steel prop-
erties used in analysis.

Nonlinear hinge
Rigid link 

Elastic beam
Rigid support

2.3m 4.6m4.6m

3.35m

GF height

3.35m

Fig. 1 ANSYS nonlinear
model of RC frame

Table 1 Building types and analysis Id

Building
typology

Number of
stories

Ground storey
height (m)

Upper storey
height (m)

Analysis
Id

Low-rise RCC
frame

4 3.35 3.35 x81A

4 4.00 3.35 x82A

4 5.00 3.35 x83A

Mid-rise RCC
frame

8 3.35 3.35 x91A

8 4.00 3.35 x92A

8 5.00 3.35 x93A
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3 Earthquake Ground Motion Selection

For this kind of analysis, it is important to select earthquakes which cover entire
range of intensity. Seismic time histories are collected from online database [14,
15]. Selection criteria included following parameters:

(a) Stiff soil;
(b) Epicentral distance—15 to 1000 km;
(c) Recording instrument on ground;
(d) Corrected acceleration time history;
(e) PGA—0.08 to 1.0 g.

Thirty-two acceleration time histories are selected based on above criteria, and
16 of them were scaled to get uniform PGA distribution between 0.08 and 1.0 g.
Maximum scale factor is 1.63. Figure 2 shows spectra and average spectra of
selected earthquakes.

Selected earthquakes have wide range of frequency content. This is measured
using Mean Time Period (Tm) which is the average of time period having weightage
as square of the Fourier amplitude. Figure 3 shows the variation of Mean Time
Period of selected earthquake time histories with PGA.

Table 2 Young’s modulus
of materials

S. No. Concrete (N/mm2) Rebar steel (N/mm2)

1 26.6 503.1

2 26.6 434.7

3 30.6 468.9

4 22.6 468.9
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Fig. 2 Earthquake spectra of selected earthquakes
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4 Results and Discussion

In this study, maximum IDR is selected as engineering demand parameter (EDP).
IDR is the commonly used EDP to represent fragility and vulnerability functions
because of its direct correlation with building damage and easy for visualisation.
The aim of current analysis is to quantify change in IDR due to variation of one
material while other is kept constant. Additionally, results are used to compare the
better IM, to represent IDR, between PGA and PGV.

Results are plotted such that graph shows spread from minimum IDR to max-
imum IDR when one material is constant and other varies between mean plus/minus
standard deviation.

Concrete variation (DC) for a given PGA (or PGV) is defined as difference
between maximum and minimum IDR when steel property is constant. Similarly,
steel variation (DS) for a given PGA is defined as difference between maximum and
minimum IDR when concrete property is constant.

DC ¼ IDRðlC�rC;rSÞ � IDRðlC þrC;rSÞ
�
�

�
� ð1Þ

DS ¼ IDRðlC;rS�rSÞ � IDRðlC;rS þ rSÞ
�
�

�
� ð2Þ

Figures 4, 5, 6, 7, 8, 9, 10, 11, 12, 13, 14 and 15 show plot of DC and DS with
PGA and PGV. Lower and upper ends of bars show lower and higher IDR,
respectively, when one material property is constant and other changes between
µ + r and µ − r.

Several analysis cases of x93A did not converge; hence, there are limited results
in Figs. 12 and 15.

Two observations stand out predominantly by looking at graphs. First, the
variation in IDR due to concrete property change is higher at lower and higher IDR
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Fig. 3 Mean Time Period (Tm) of selected earthquakes time histories
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levels. In the mid-IDR range, steel variation results in higher IDR variation. This is
especially visible in mid-rise structure result where all the results with IDR higher
than 2.5% have concrete variation governing over steel variation. In other words,
for moderate-to-extensive collapse limit states, change in steel property leads to
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Fig. 10 IDR versus PGA for analysis x91A
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higher IDR changes as against similar change in concrete property. When struc-
ture’s IDR is in range of extensive-to-complete collapse state, concrete property
variation leads to higher IDR change.

This result has serious implication in the understanding of building damage.
Usually, quality control of concrete is given importance over steel, considering it to
be factory-manufactured. However, results show that in the middle IDR range,
where property loss and injuries are maximum, steel behaviour governs building
response.

Second observation is evident by comparing IDR versus PGA plots with IDR
versus PGV plots. Visual observation makes it amply clear that IDR has better
correlation with PGV compared to PGA. A clear trend of linear relationship
between IDR and PGV is visible at lower values of PGV. This diverges as PGV
increases. However for PGA, though linear relationship is clear, scatter in the data
is very high as against PGV.

Among both observations, first needs to be looked into mode details.
A mathematical relationship for IDR band needs to be established within which
steel property governs over concrete. Second observation adds and confirms to
various previous studies which advocate PGV to be better indicator of structural
damage compared to PGA. However, here also regression analysis is next logical
step to establish relationship between IDR and IM.
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Influence of Corrosion on the Seismic
Vulnerability of a Low-Rise, Poorly
Constructed RCC Building

Jenson Daniel and Ravi Sinha

Abstract Seismic vulnerability assessment methods have been used by engineers
and policy-makers as a tool for various engineering and economic applications
during the last several decades. These methods were developed for building
typologies representing a building stock. Member deficiencies due to poor quality
of design, construction or maintenance are not explicitly taken into account in most
of these methods. This paper quantifies the influence of member-level deficiencies
due to corrosion on the seismic vulnerability of a low-rise, poorly constructed RCC
building. Typical design and construction practice prevalent in Andaman and
Nicobar Islands have been considered, which is both a highly seismic zone and has
highly corrosive environment due to the saline and humid environment.

Keywords Member-level deficiency � Corrosion � Seismic vulnerability
PGA demand � Construction quality

1 Introduction

Seismic vulnerability assessment is the measure of damage potential of a building
type in a region, subjected to a given intensity of ground shaking. It is carried out
by collecting information on building type, occupancy, past earthquakes. This is
done to address various engineering, economical or societal requirements [1]. In
other words, seismic vulnerability gives the proneness of building to damage in a
given earthquake [2].

The domain of seismic vulnerability has been open to much research work for
last 5–6 decades with an objective to ascribe a mathematical formulation to it.
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In the past, most of the vulnerability assessments have been carried out on a
building stock consisting of different building typologies. Building typologies were
generally chosen keeping in mind the type of building construction practices in the
region and the materials used [3].

Though a general condition of building’s capacity would have been considered
for the estimation of seismic vulnerability, not much literature is available wherein
member-level deficiencies are explicitly taken into account. In this work, two such
deficiencies are considered, viz. inherent deficiency, i.e. construction deficiencies
due to lack of anchorage length of tension bars in beams or insufficient lap splice
length of bars, generally in columns and the other being time-dependent deficiency,
i.e. deficiencies due to corrosion.

Seismic vulnerability assessment methods are generally three types, viz.
empirical, analytical or hybrid. Empirical methods have its limitations due to
unavailability of enough and authentic statistical data for all intensity levels. No
data exist up to intensity level V as there is practically no damage, and since there
are not many earthquakes above the intensity IX and hence not much data available
though there is an abundance of data in the intensities between intensities VI and
VIII [4].

Hybrid methods also hence have its limitations, like empirical methods, due to
non-availability of damage data in all intensity levels. Moreover, the data from
elsewhere cannot be taken up effectively, as we do not have the data on the
deficiencies in the buildings before the earthquake, unless the same is estimated
retrospectively from the available details of collapsed buildings which could be
time taking.

Analytical methods had its limitations in the past being computationally inten-
sive; however, with the advent of new computers the same has been taken care of.
Analytical methods are advantageous because [2]:

• Availability of seismic hazard maps in terms of PGA and spectral ordinates
allows correlation of building damage to the input parameters.

• It allows more detailed and transparent evaluation of vulnerability and can be
interpreted more realistically.

• It allows direct tuning up to different hazard and building characteristics.

This paper is based on the work done on the buildings of the Andaman and
Nicobar Islands which come under seismic zone V and where MMI IX or bigger
earthquakes are expected [5]. Buildings are constructed by default low rise due to
regulatory restrictions. RCC buildings there have shown much proneness to cor-
rosion because of the use of sea sand for construction in the past and also due to the
ambient marine environment. The region is also known for its excessive rainfall.
The constructions in the private sector and the remote islands are generally carried
out by untrained workforce with lesser quality control. These facts have been
responsible for the occurrence of member-level inherent deficiencies and
time-dependent deficiencies in the buildings.
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2 Methodology

Analytical method has been used for the evaluation of seismic vulnerability of a
low-rise RCC building typical of Andaman and Nicobar Islands with inherent and
time-dependent deficiencies in this paper.

2.1 Member and Material Modelling

A building with members that are well designed and constructed as per latest
seismic codal provisions is expected to behave satisfactorily in an earthquake. The
properties of members are defined by the ‘M–h’ curves. These curves, in order to be
as close to the actual, are to be based on stress–strain curves of steel and concrete
that are more realistic.

The stress–strain model for concrete is taken as suggested by Park, Priestly and
Gill [6, 7] for a confined concrete. A typical stress–strain curve for the concrete is
shown in Fig. 1. However, the practically possible maximum strain is considered,
i.e. ecc85 which corresponds to 85% of maximum confined strength in the
descending branch of the curve. Similarly, the stress–strain curve model for steel
with 15% strain hardening after a strain of 3% with a maximum strain of about
14.5% has been considered. A typical stress–strain model for steel used is shown in
Fig. 2.

2.2 Deficiency Parameters

Pre-code constructions and poorly designed building have deficiencies that are
inherent. Dimova and Negro have worked on an experimental setup and have found
that inherent deficiencies do influence the seismic response of structures [8].

Fig. 1 Stress–strain curve for
confined concrete [6]
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Member-level inherent deficiencies that can affect the seismic vulnerability of a
concrete building are generally:

• Lack of anchorage length specially at beam-column joints for beams.
• Lack of lap splice length especially for the columns.
• Lack of confining reinforcement specially at plastic hinge zones.

Even if members do not have any inherent deficiencies, it could still have,
subsequently, as the building ages, time-variant deficiencies in the members like:

• Loss of bond strength due to corrosion.
• Loss of area of steel due to corrosion.
• Loss of concrete strength due to ageing: Chemical attack/cracks/spalling of

concrete due to steel corrosion.

2.3 Inherent Deficiencies (ID)

Various inherent deficiencies (ID) that are considered here are:

2.3.1 Lack of Anchorage Length

Minimum anchorage length required to develop full strength at a beam-column
joint for any bar will be given by the development length (Eq. 1). In some of the
collapses that are seen in the past earthquakes, the anchorage length can be as low
as 10% of what is required.

Ld ¼ ;fs
4sd

ð1Þ

Fig. 2 Stress–strain model
for the steel
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where Ld = development length, ; = diameter of the bar, fs = the bar cross section
and sd = bond stress corresponding to fc,mean.

Reinforcement anchorage slip has been studied and modelled by Alsiwat et al.
[9] way back in 1992 and has been adopted by many researchers. Anchorage slip
also brings in additional end rotations that are not otherwise reflected in the flexural
analysis. The stress–strain in the embedded region is shown by Alsiwat et al. which
is shown in Fig. 3.

2.3.2 Insufficient Lap Splice Length

Similarly, a column with deficient lap splice length will have adverse effect on the
‘M–h’ curve. What is generally seen on site is that lap splice length can be as low as
50% of what is required. There has been a work by Traverdilo et al. [10], wherein
they have derived fragility curves for reinforced concrete frames with lap-spliced
columns. They have given a formula for calculating the force developed in the
lap-spliced bar given in Eq. (2).

Tb ¼ Abfs ¼ FtPLs ð2Þ

where Tb = force developed in the lap-spliced bar, Ab = the bar cross section,

Ft = tensile strength of concrete is equal to 0:33
ffiffiffiffi

f 0c
p

and f 0c is the concrete

Fig. 3 a Reinforcing bar
embedded in concrete;
b stress distribution; c strain
distribution; d bond stress
between concrete and steel [9]
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compressive strength, Ls is the lap splice length and P is the perimeter of cylindrical
block, which is given by Eq. (3) for a rectangular column.

P ¼ s
2
þ 2 db þ cð Þ� 2

ffiffiffi

2
p

db þ cð Þ ð3Þ

where s is average distance between spliced bars, c is the cover and db is the bar
diameter.

2.4 Time-Dependent Deficiencies (TD)

Time-dependent deficiencies (TD) in the concrete structures are deficiencies
brought in by the corrosion of steel reinforcement and deterioration of concrete by
chemical attack or by the cracks generated by the corrosion products. There has
been significant work that has gone by to understand the various aspects of cor-
rosion and its effects on concrete structures and its behaviour [11–13]. It has been
long understood that the corrosion products exert pressure on surrounding concrete
causing excessive crack, thereby weakening the anchorage and bond in the interface
(Fig. 4).

Mangat and Molloy [14] have given a relationship to determine the loss of steel
due to corrosion over a period of time which is shown in Eq. (4). This relationship
to find the depth of corrosion in re-bars has been used by many researchers.

x ¼ 11:6icorrt ð4Þ

where x is the metal loss in the radial direction in lm; icorr is the corrosion current
density in lA/cm2; t is time in years.

Almusallam et al. [15] have established a relationship between degree of cor-
rosion and ultimate bond strength. Li et al. [16] based on data of Almusallam et al.
[15] have brought out an analytical relationship between degree of corrosion ‘w’
and normalized bond strength given by Eqs. (5) and (6).

Fig. 4 Normalized bond
strength as a function of
corrosion in the analytical
form [16]
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for w � 4%:

scmax

smax
¼ 0:9959e0:0041w þ 0:0069e0:7858w ð5Þ

for 4 < w � 80%:

scmax

smax
¼ 9:662e�0:5552w þ 0:1887e�0:0069w ð6Þ

where scmax = corrosion-affected bond stress, smax = bond strength without corrosion
and w = degree of corrosion by mass loss of original steel.

These deficiencies were modelled as nonlinear rotational spring at the
beam-column joints. In the building model, a single equivalent rotational spring,
representing the actual ‘M–h’ curve of the section with all the deficiencies and the
additional slips, was adopted, so that the member stiffness remains realistic.

2.5 Other Parameters

2.5.1 Earthquake Parameter Selection

Response spectrum from IS 1893 was adopted.

2.5.2 Damage State Parameters

Inter-storey drift ratios as global displacement limits for various performance levels
like ‘IO’, ‘LS’ and ‘CP’ were taken as the damage state parameters [17] shown in
Table 1.

Table 1 Deformation limit [17]

Performance level

Inter-storey drift
limit in %

Immediate occupancy
(IO) (%)

Life safety
(LS) (%)

Collapse prevention
(CP) (%)

1 2 4

Influence of Corrosion on the Seismic Vulnerability … 629



2.6 Building Model and Analysis

A three-bay (both direction), triple-storied structure is considered for analysis. It has
three bays of 3.5 m span both ways and a storey height of 3 m. All beams are of
size of 300 mm � 400 mm size with four bars of 16-mm-diameter bars at bottom
and four bars of 16-mm-diameter bars at top with four-legged 8-mm-diameter
stirrups 100 mm c/c. All columns are 350 mm � 350 mm size with eight bars of
25 mm diameter as longitudinal steel and 8 mm ties at 85 mm c/c. Grade of con-
crete is taken as M15 and grade of steel as Fe415. Lap splices are provided just
above first-floor column joints.

2.6.1 Deficiencies Considered in This Work

Inherent deficiencies are varied uniformly in the building to represent the average
level of the building construction with same deficiency for all beams. And the lap
splice deficiency is kept at same level as in beam but only at bottom of first-floor
level. Generally, degree of corrosion in a bar varies with the density of corrosion
current and the bar diameter as shown in the literature [14, 15]. However, for this
work a uniform degree of corrosion has been adopted.

Since shear hinges are not considered for this work as of now, corrosion of
stirrups is not considered. The cracking of concrete due to corrosion is though not
explicitly considered but implicitly modelled in the bar slip based on the work of
Alsiwat and Saatcioglu [9] and Almusallam et al. [15].

2.6.2 Nonlinear Analysis

A number of nonlinear static analyses (pushover) were carried out using capacity
spectrum method in Perform-3D, on building model taking various combinations of
deficiency parameters.

There are many nonlinear static analysis procedures; for the rapid evaluation
technique used for seismic vulnerability assessment of buildings in the USA,
Capacity Spectrum Method was adopted by ATC40 [18]. In this method, the
graphical intersection of pushover curve and demand curve plotted in a specialized
format called acceleration–displacement response spectra (ADRS) Format estimates
the behaviour of the building/structure [19]. A point called the performance point,
in this curve, describes a unique damage state for the structure (Fig. 5) [20].

Though there are many software that are available, Perform 3D developed by
CSI Lab, Berkley, is used for this work. Some of its unique features make it stand
out as a powerful tool for the seismic vulnerability assessment of buildings. It
implements the procedures of ASCE 41 Seismic Rehabilitation of Existing
Buildings, Pre-standard and Commentary for the Seismic Rehabilitation of
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Buildings [17]: FEMA-356 [21] and ATC 40 Seismic Evaluation and Retrofit of
Concrete Buildings [18].

2.7 Derivation of Vulnerability Functions

After the pushover analysis, the following were the progression to vulnerability
function derivation:

• Obtaining the capacity curve output of Perform-3D in ADRS format.
• Evaluating the spectral displacement corresponding to the three damage states,

IO, LS and CP.
• Conversion from Sd to corresponding PGA in line with method given in

HAZUS methodology, Technical Manual MR, Sect. 5.4.4 [22].
• Derived vulnerability curve between the PGA and damage states.

2.7.1 Quantify Influence of Deficiencies on Vulnerability Function

After the vulnerability functions were made, influence of each of the deficiency and
the combination thereof on the vulnerability curve were evaluated/estimated and
quantified. The probability of PGA demand exceeding in 50 years causing a given
damage was estimated.

3 Results

Once the above results were obtained, from the modal data, modal participation
factor was calculated. Then, roof displacements for each damage state, viz. IO, LS
and CP, were evaluated and corresponding spectral displacements were calculated

Fig. 5 Capacity curve and
performance levels [20]
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and were marked on the capacity curve which is in the ADRS format. PGA demand
for each of the damage state is evaluated using method mentioned in Sect. 2.6.

Vulnerability curves are then derived [23] for different degrees of deterioration.
Figure 6 shows the capacity curve and the corresponding derived vulnerability
curve for a typical analysis.

Vulnerability curves of a poorly constructed building with an inherent deficiency
of 30% and varying degrees of corrosion is shown in Fig. 7.

The influence of the deficiencies on the PGA demand on each damage state is
evaluated and shown for the case discussed earlier in Fig. 8.

The percentage probability of PGA demand exceeding, for each damage state of
the poorly constructed building, in 50 years, for various degrees of time dependant
deficiency, is shown in Table 2.

Fig. 6 Capacity curve and
corresponding vulnerability
curve of a poorly constructed
building with time-dependent
deficiency of 7% (damage
state 1, 2, and 3 stands for IO,
LS and CP, respectively)

Fig. 7 Vulnerability for
curves of a poorly constructed
building with different
degrees of corrosion
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4 Discussions and Conclusions

Seismic deficiency and vulnerability of a low-rise, poorly constructed concrete
example building are deliberated. There has not been much work in domain of
influence of inherent and time-dependent member-level deficiencies on seismic
vulnerability curves.

Most vulnerability assessment methods are made on building typologies, that is
typical of a region, construction practice at the time of construction, height of
building and material used for construction, and hence generally fail to address
realistically, the effect of building specific seismic deficiencies.

The member-level deficiencies are found to greatly affect the seismic capacity
and influence the seismic vulnerability curves. Poor workmanship is the reason for

Fig. 8 Influence of
time-dependent deficiency on
the PGA demand of a poorly
constructed building

Table 2 Probability (%) of
PGAs being exceeded in 50
years for a set of analyses for
each damage state

S. No Deficiency % Probability of exceeding
in 50 years

ID TD IO LS CP

1 0 0 5.65 1.96 0.55

2 30 4.0 6.37 2.51 0.80

3 30 4.5 7.02 2.85 0.97

4 30 5.0 8.00 3.76 1.45

5 30 5.5 9.06 4.44 1.91

6 30 6.0 10.15 5.18 2.21

7 30 6.5 11.18 6.00 2.74

8 30 7.0 12.13 6.76 3.29

9 30 7.5 12.96 7.47 3.82

10 30 8.0 13.67 8.08 4.31

11 30 8.5 14.24 8.59 4.75

12 30 9.0 14.78 9.09 5.14

13 30 9.5 15.19 9.49 5.50

14 30 10 15.53 9.81 5.80
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inherent deficiencies, which also make the buildings more susceptible to time
dependent deficiencies.

Realistic models validated by experiments and many studies are available to
predict the rate of corrosion and degree of corrosion in real timescale. If the cor-
rosion current density is known, then the seismic vulnerability of a building can be
estimated at any given age of the building.

Vulnerability curves made considering time-dependent deficiencies will enable
policy-makers to see the vulnerability of a building or building stocks in real
timescale and make necessary plans for structural intervention/retrofitting at
appropriate time.
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Part IV
Repair, Rehabilitation and Retrofit of

Structures



Studies on Strengthening Techniques
for Existing Transmission Line
and Communication Towers

R. Balagopal, N. Prasad Rao, R. P. Rokade and P. K. Umesha

Abstract The transmission and communication towers are subjected to increased
loading due to its voltage upgradation and installation of new antennas in existing
towers for new line of sight, respectively. Hence, cost-effective structural upgrading
scheme has to be developed that can be easily adopted by power and communi-
cation industries. In the present study, component level analytical and experimental
investigations are carried out to strengthen existing angle section of transmission
tower. Experimental investigation is conducted to determine the buckling capacity
of single angle section of size 65 � 65 � 5 mm with slenderness ratio 40
strengthened with different connection patterns such as (i) double cross-plate,
(ii) single cross-plate, (iii) friction grip, (iv) double angle, and (v) double cleat angle
connections. The compression strength of angle section is increased on an average
by 20%. The analytical investigation is carried out using ABAQUS software using
C3D8R elements. The numerical and experimental results are in good agreement,
and the variation is within 16%.
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1 Introduction

The transmission line towers that are currently in service are 30–50 years old and
need to be upgraded. The degradation of the tower material will occur due to
adverse environmental conditions. Due to increasing demand for power supply,
voltage upgradation of the existing lines is required. This results in additional wind
and gravity loads, which lead to overstressing of the existing tower members. The
aged tower members also require strengthening. The wind loads are frequently
updated due to revision of wind zones. The increased wind loading also requires
strengthening of the towers. Due to urbanization, it is difficult to obtain new right of
way for installation of new communication towers. The installation of additional
antennas in the existing tower may be required to augment the required signal
strength. The increased wind and dead load due to these additional antennas will
induce higher stresses in the tower members. The tower capacity will exceed their
design limit due to additional loading, and this may lead to collapse of several
communication towers.

The failure of any of these transmission/communication towers can lead to
outage of power/communication interruption and will have huge impact on national
economy. To eliminate the failure of the transmission and communication towers
due to increased loading and strength degradation, a cost-effective structural
upgrading scheme has to be developed that can be easily adopted by power and
communication industries.

Experimental investigation was carried out at component level to strengthen
65 � 65 � 5 mm equal angle section for different connection patterns such as
(i) single cross-plate, (ii) double cross-plate, (iii) friction grip, (iv) double angle, and
(v) double cleat angle connections. The analytical investigation is carried out using
ABAQUS software using C3D8R elements. Based on the results of the investi-
gations on different upgradation schemes, suitable strengthening technique is pro-
posed to upgrade leg member in transmission line/communication tower.

2 Current Status of Technology

Albermani et al. [1] developed diaphragm bracing system for upgradation of
existing transmission tower. The strength improvement was investigated by adding
series of diaphragm bracings at mid-height of the slender diagonal member through
experimental investigation on tower substructure assembly. The developed
upgrading scheme was successfully implemented on existing 105-m-height TV
tower. Sarno and Elnashai [2] studied the seismic performance of steel moment
resisting frame retrofitted with different bracing systems. Three different brace
configurations such as special concentrically brace frames (SCBFs),
buckling-restrained brace frames (BRBFs), and mega-brace frames (MBFs) were
investigated. Inelastic time history analysis was carried out to assess the structural
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performance of retrofitted steel frame under earthquake loading. Brennan [3]
studied the failure of existing transmission lines and the techniques to restore its life
by different refurbishment techniques. The increased capacity due to refurbishment
and the associated probability of failure are discussed. The influence of conductor
and overhead earth wire, bolted connection, and foundation of different refurbish-
ment techniques are also discussed. Shahi [4] explored the feasibility of using glass
fiber-reinforced polymer (GFRP) cross-arms in place of wooden cross-arms.
The GFRP retrofitting proved to be an effective way of strengthening as it changed
the failure mode to pure flexure with increased strength and stiffness. Kabir and Seif
[5] presented an analytical solution for lateral-torsional buckling of I-beam, retro-
fitted using FRP sheets. The analytical solution is formulated based on the total
potential energy and Rayleigh–Ritz method. The steel I-beam retrofitted in its
top-bottom flange portion with the FRP sheet is considered for the analysis based
on classical lamination theory (CLT). Bekey et al. [6] conducted experimental
investigation to enhance the buckling strength of steel angle with different slen-
derness ratio through fiber-reinforced polymer (FRP) reinforcement. The FRP
strengthening influences the failure mode and the buckling capacity, ductility
behavior of existing angle section. Dostanti [7] studied the strengthening techniques
for solid round member using split pipes along with U bolts, and it is recommended
that compression capacity of solid pipes can be increased through wrapping with
welded split pipe along its length.

Baskaran et al. [8] investigated tower failure based on simple methods to check
tower capacity based on available simplified models. The preliminary structural
analysis with specialized structural analysis package has to be incorporated into
existing steel tower design procedures to assess the failure of these towers. The
transmission tower leg retrofitted by steel angles through bolted connection to
enhance its capacity is explored by Mills et al. [9]. It was found that bolted-splice
connection can transfer axial loads effectively between original and reinforcing
angle member. Rao et al. [10] carried out nonlinear analysis of angle compression
members through 3D finite element analysis of lattice frames and towers. The
member eccentricity, rotational rigidity of connection, and material nonlinearity are
considered in the analysis. Xie and Sun [11] conducted experimental investigation
on the retrofitting strategy of 500 kV transmission tower failed due to ice disaster in
China. It was observed that the addition of diaphragm bracing prevents the out of
plane deformation of bracing member, and it enhanced the load carrying capacity
of existing leg member. Amiri et al. [12] studied the feasibility of using
buckling-restrained bracing as retrofit scheme for existing steel frame structure.
Comprehensive nonlinear static and time history analysis were carried out to assess
the increased load carrying capacity of this retrofitted steel frame. Lu et al. [13, 14]
found that the load displacement behavior of reinforced steel transmission tower
legs is influenced by friction coefficient, applied torque, and number of bolts in the
bolted connection. From the above literature, it is noticed that there is further scope
for optimizing the design of retrofitted steel angle connections in transmission line
towers.
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3 Present Study

To study the strengthening techniques for the existing angle sections in transmis-
sion and communication towers, five different strengthening patterns are studied.
The strengthening member should be effective in load transfer from existing angle
member. Hence in the present study, an equal angle section of size 65 � 65 � 5
mm with slenderness ratio of 40 is strengthened to examine its increase in com-
pression capacity at component level through different connection patterns such as
(a) double cross-plate, (b) single cross-plate, (c) frictional grip, (d) cleat angle, and
(e) double angle connections. The analytical investigation is carried out using
ABAQUS software for modeling the angle members strengthened through different
connection techniques.

4 Analytical and Experimental Investigations
on Strengthening of Leg Member

The experimental investigations on strengthening angle section through different
connection patterns in the existing leg member are carried out. An equal angle
section of L 65 � 65 � 5 mm size with slenderness ratio 40 is chosen to represent
both the existing leg member and retrofitting angle member respectively. These two
members are connected back to back through bolted connection to form a com-
pound section. Five different connection patterns like (i) double cross-plate,
(ii) single cross-plate, (iii) friction grip, (iv) double angle, and (v) double cleat angle
connections are considered. The buckling capacities of these compound sections are
compared with the capacity of control specimen of single angle member that rep-
resents the existing leg member. For connections, 16 mm diameter of 8.8 grade
bolts tightened to a torque level of 110 N m is used. For single and double
cross-plate connections, 140 � 65 mm plate is used at a spacing of 300 mm c/c
connected through bolts. The schematic view of different connection patterns is
shown in Fig. 1.

Five different connections are considered for the present study. The connection
patterns are designated as follows.

• Single angle member (control specimen);
• Double cross-plate connection;
• Single cross-plate connection;
• Frictional grip-type connection;
• Double angle connection;
• Double cleat with back-to-back angle connection (cruciform connection).

For friction grip connection, one flange of each cleat angle is welded to the
strengthening angle member at a spacing of 300 mm. The outstanding flanges of
these cleats are connected to the flanges of the third cleat held at required position in
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the main leg member. The load from main leg member is transferred to the
strengthening angle through the friction generated between the cleat contact sur-
faces with the main leg member. In the case of double cleat connection, i.e., the
strengthening and existing leg member, two angle members are connected directly
back to back with cleats at a spacing of 300 mm c/c using bolts. Similarly, for
double angle connection, the additional strengthening angle member is connected to
the main leg member through bolts at a spacing of 300 mm.

The compression load is applied to the main leg (existing) member to simulate
the load transfer similar to the existing field condition. The boundary condition is
simulated through end plate fitting of size 300 � 300 mm and 20 mm thick with
small strips welded to guide the positioning of angle member. The load is applied
through the center of gravity of main angle member. The axial load is applied
through 30 t capacity compression jack, and the load is measured through
100-tonne capacity digital wigameter. The compression jack is operated through
mechanized hydraulic pump. The axial deformation and load transfer between
existing and strengthened angle member are monitored using dial and strain gauges.
The experimental setup for all the strengthening patterns is shown in Fig. 2a–f,

65 mm
5 mm

65 mm

Plate

Bolt

(a) Single Angle        (b) Double Cross Plate

Bolt Plate

Bolt

Weld

(c) Single cross Plate (d) Friction Grip

Bolt

Bolt

Cleat Angle

(e) Double Angle     (f) Cleat Angle

Fig. 1 Schematic view of
connection pattern

Studies on Strengthening Techniques for Existing Transmission … 643



respectively. All the specimens failed due to local buckling because of rotation near
the loading end.

The numerical investigation is carried out using ABAQUS software 6.13 ver-
sion. The steel angle and bolts are modeled using solid C3D8R elements for single
and double cross-plate, friction grip, cleat angle, and double angle connections. The
frictional contact between steel angle and plate sections is defined through
surface-to-surface contact friction with friction coefficient of 0.25. For friction grip
connection, the coupling constraint is defined at the bolted connection region, to
ensure that the load is transferred through friction. All steel angles, bolts, and the
connection plates are modeled with yield stress of 250 MPa, Young’s modulus as
2 � 105 N/mm2, and Poisson’s ratio as 0.3. The nonlinear material property is
defined through nonlinear stress–strain curve for mild steel. The bottom portion of
the compound angle section is assumed to be held in position and restrained against
rotation about longitudinal axis, and at the top portion, all DOFs are constrained
except the displacement and rotation along axial direction. All the components are
meshed using the mesh refinement aspect ratio of 7.5. The FE models of all con-
nection patterns are shown in Fig. 3a–f, respectively. Nonlinear static analysis is
carried out. The failure modes of experimental and analytical investigations are
shown in Fig. 4a–f respectively. The comparison of failure loads from the experi-
mental and numerical investigations is tabulated in Table 1.

(a) Single Angle    (b) Double Cross (c) Single Cross
Plate Plate

(d) Friction grip      (e) Double Angle   (f) Cleat Angle

Fig. 2 Experimental setup of
connection patterns
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From Table 1, it is observed that the experimental and FE analysis failure loads
vary in the range of 10–16% for different types of connections. The FE analysis
results deviate from experimental results due to local buckling of the main angle
section in its free length portion. The local buckling occurs in the main angle
sections occur due to application of load in the centroidal axis of main member. The
cleat angle connection for strengthening shows higher enhancement of compression
strength compared to other types of connections. The cleat angle and friction grip
connection are cost-effective compared to other types of strengthening patterns.
From the analytical and experimental results, it is observed that in cleat and friction
grip connections, the strengthening angle member shares considerable stress arising
from the main member during the application of load. The double angle connection
changes the buckling mode of main angle member. It is observed that the
strengthening pattern also plays an important role in determining the failure mode
of main angle member.

(a) Single Angle   (b) Double Cross (c) Single Cross
Plate Plate

(d) Friction grip      (e) Double Angle   (f) Cleat Angle

Fig. 3 FE models of
connection patterns
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(a) Single Angle   (b) Double Cross Plate

(c) Single cross plate (d) Friction Grip

(e) Double Angle               (f) Cleat Angle

Fig. 4 Failure modes for
different connection patterns
from analytical and
experimental investigations
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5 Summary

From the experimental and analytical investigations, the following conclusions are
drawn.

• It is observed that the experimental and analytical failure loads vary in the range
of 10–16% for different types of connections. The compression strength is
enhanced by 20 and 14% for cleat angle and double cross-plate connection
strengthening in the experimental and FE analysis respectively.

• The cleat angle and double cross-plate connection show higher enhancement of
compression strength compared to other types of connections. The cleat angle
connection is cost-effective compared to other types of strengthening patterns.

• It is observed that in the cleat and friction grip connection, the strengthening
angle member shares considerable stress arising from the main member during
the application of load. The double angle connection changes the buckling mode
of failure of main angle member.

Acknowledgements This paper is being published with the kind permission of the Director,
CSIR-Structural Engineering Research Centre, Taramani, Chennai-113, India.

Table 1 Summary of analytical and experimental results

Type of
specimen

Experimental
failure load
(kN)

FE
analysis
failure
load
(kN)

Increase in
compression
strength
(experimental) %
(w. r. to reference
specimen)

Increase in
compression
strength (FEA) %
(w. r. t reference
specimen)

Single angle
(reference
specimen)

175 158 – –

Double
cross-plate
connection

210 180 20 14

Single
cross-plate
connection

195 170 12 8

Friction grip
connection

197 175 13 11

Double angle
connection

195 175 11 11

Cleat angle
connection

210 180 20 14
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Rehabilitation of Post-Tensioned Flat
Slab Affected by Fire

D. Prabu and L. S. Kannan

Abstract This paper explains about the evaluation and rehabilitation of a severely
fire-affected post-tensioned flat slab without demolition. The portion under rehabili-
tation was a post-tensioned slab in the ground floor of a tower with 3
Basements + Ground + 13 floors, to be used as office space. The post-tensioned flat
slab was designed with isolated drop panels. The building was designed to resist
gravity and lateral loading with a combination of reinforced concrete columns and
shear walls. The flat slab had suffered various levels of damages including spalling of
concrete with the bottom un-tensioned reinforced and pre-stressing tendon exposed.
Columns in the affected area also had significant damages due to exposure to the high
temperature. The total affected area of the floor was around 500 m2 including four
columns. The damaged face of the flat slab and all faces of the column were chipped
to remove the loose and delaminated concrete. The strength of the existing concrete
and reinforcement was ascertained with core cuts, TGA and DTA tests and cut
samples. Based on the results, a comprehensive retrofit plan was drawn up without
the need to pull down the affected slab. The rehabilitation involved change of the
design basis from isolated drop panels to formation of a continuous drop connecting
the columns in the affected area. The design utilised the residual strength available in
the concrete, un-tensioned and pre-tensioned reinforcements. Self-compacting con-
crete with mineral and chemical admixtures was used for forming the retrofit zone
and was placed from above the existing affected slab. Shear connection between
existing and new concrete was created with chemical grouted dowel reinforcements.
The entire rehabilitated slab and column was grouted with low viscous epoxy grout to
seal the micropores and restore normalcy to the slab. The complete rehabilitation of
the area was done without any change in the intended design capacity and with the
most optimum and economical solution.

D. Prabu (&)
EDRC, B&F IC, L&T Construction, Manapakkam, Chennai 600089, India
e-mail: dprabu@lntecc.com

L. S. Kannan
TC-II, B&F IC, L&T Construction, Manapakkam, Chennai 600089, India
e-mail: lsk@lntecc.com

© Springer Nature Singapore Pte Ltd. 2019
A. Rama Mohan Rao and K. Ramanjaneyulu (eds.), Recent Advances in Structural
Engineering, Volume 2, Lecture Notes in Civil Engineering 12,
https://doi.org/10.1007/978-981-13-0365-4_55

649

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_55&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_55&amp;domain=pdf
http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-13-0365-4_55&amp;domain=pdf


Keywords Rehabilitation � PT slab � Concrete affected by fire
DTA–TG tests � Self-Compacting Concrete (SCC)

1 Introduction

An office space (3 Basements + Ground + 13 storied) structure (panel size is
13.5 m � 13.5 m c/c with slab thickness of 275 mm and drop thickness of
525 mm) under construction got affected by fire during non-working hours. The
post-tensioned flat slab with isolated drops at Basement 1 floor level, 2 columns,
ramp slab connecting ground floor to basement floor 1 and beams adjacent to ramp
slab got affected by fire.

The fire was due to the stacked nitrile rubber insulation, APP bitumen sheets,
FPS pipe wrapping, SBS and PVC waterproofing material. The slab, beams and
columns were studied for extent of damages and DTA–TG tests were performed for
evaluation of concrete strength and core tests are taken. An economical and
site-friendly method of Rehabilitation is proposed (Figs. 1 and 2).

2 The Fire Is Classified, Depending on the Surface
and Structural Appearance

Class 1—Slight damage (green colour and no crack with less/no exposure)
Class 2—Noticeable damage (blue colour and no crack with less spalling of
concrete)
Class 3—Extensive damage (orange colour and small/minor crack with exposure to
reinforcement/tendon) (Fig. 3).

Fig. 1 Basement 1 layout
plan
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Pictures showing the extent of fire:
To assess the existing condition of the structural elements and to determine the
extent of damage in the material resulted from exposure to heat, following tests
were suggested so as to undertake suitable remedial measures for rehabilitation of
the structure (Figs. 4, 5, 6, 7, 8, 9 and 10).

1. Drilled Core Test
2. Test on steel (reinforcement)
3. Differential Thermal Analysis–Thermogravimetric Test.

Fig. 2 Part tendon layout
plan in the affected area

Fig. 3 Classification of fire
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Fig. 4 Fire broke out in
basement 1 floor, it got
damaged and it passed
through the ramp opening and
affected the first floor slab and
soffit of the second floor slab
(there is 4 m cantilever in
second floor slab)

Fig. 5 Spalling of concrete
with exposed bottom steel
with service lines
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Fig. 6 Spalling of concrete
with exposed reinforcement,
tendon and concrete beyond
reinforcement damaged

Fig. 7 Spalling of concrete
and broken ramp slab with
exposed reinforcement—view
from basement 1 floor
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Fig. 8 Spalling of concrete
in column along grid 2A1-6 in
basement 1 floor

Fig. 9 Spalling of concrete
in beam supporting ramp slab
in basement 1 floor
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2.1 Drilled Core Test

See Fig. 11 and Tables 1, 2 and 3.

2.2 Thermal Analysis of Samples
(Said to Be Concrete Core)

The thermogravimetric analysis (TG) of all the samples (said to be concrete core)
show total weight losses in the range 5–7% up to a temperature of 900 °C from
ambient.

Fig. 10 Closer view of
column and beam showing
spalling of concrete

Fig. 11 Core sample location
in plan
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The DTA pattern clearly represents three endothermic peaks in all the samples
except in H-1832 and H-6711 in which only the last two endothermic peaks are
evident.

Table 1 Compressive strength of extracted concrete core on different portions of the fire-affected
area

Sample No. Compressive strength (N/mm2) Location

1 30.3 Ramp beam

2 36.0 Ramp beam 1_RB 39

3 35.5 Ramp beam

4 36.1 GF beam 1_GFB70

5 31.8 GF beam 1_GFB59

6 30.1 Ramp slab

7 33.5 Ramp slab

8 36.3 Column 2A/7

9 41.1 Column 2A/7

10 40.2 GF beam 1_GFB 9

11 43.3 GF beam 1_GFB 9

12 46.9 Column connecting to ramp near grid 7

13 38.0 Column connecting to ramp near grid 7

14 23.7 Ramp slab near grid 6A & 2A

15 26.7 Ramp slab near grid 6A & 2A

16 37.0 PT slab

17 44.9 PT slab

18 23.6 PT slab

Table 2 Physical test of steel sample near fire-affected area

Sample
ID

Dia. of bar
(mm)

Unit weight
(kg/m)

Ultimate tensile
strength (N/mm2)

Yield strength
(N/mm2)

%
Elongation

A 8 0.386 668.43 566.17 22.75

B 8 0.397 624.90 505.93 30.85

C 8 0.394 661.28 558.21 21.60

D 10 0.578 719.80 618.29 24.80

Table 3 Chemical test of steel sample near fire-affected area

Sample ID Dia. of bar (mm) Carbon Silicon Manganese Phosphorus Sulphur

B 8 0.225 0.16 0.83 0.02 0.013
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The first endotherm (Table 1) in all the samples (except H-1832 and H-6711) is
observed around 460 °C and is attributed to dissociation of calcium hydroxide. The
weight losses associated with these endothermic peaks are in the range of 0.2–0.4%.

The samples depict a prominent and characteristic peak of inversion of silica at
around 570 °C.

The last endotherm in the DTA pattern of the samples is around 670–680 °C and
is also associated with weight losses. This endothermal peak arises due to decar-
bonation. The weight losses recorded in TG corresponding to these peaks are in the
range 0.7–1.4%.

The peak positions of DTA–TG curve and the corresponding weight losses are
taken.

The thermogravimetric analysis (TG) of all the samples (said to be concrete core)
shows total weight losses in the range 5–7% up to a temperature of 900 °C from
ambient (Table 4; Fig. 12).

2.3 Rectification Methodology for Ramp Slab (Class 3 Fire)

Ramp slab was heavily damaged, and hence, it should be totally demolished and
constructed again.

Table 4 DTA–TG test results

S. no. Sample
code

Total wt.
loss (%)

Dissociation
of Ca(OH)2

Inversion of
silica

Decarbonation

Peak
position (°C)

Wt.
loss (%)

Peak
position (°C)

Peak
position (°C)

Wt.
loss
(%)

1. H-8931 7.08 457.2 0.45 570.1 684.1 1.44
2. H-8805 6.30 455.6 0.37 570.0 681.2 1.32
3. H-8179 6.28 461.5 0.27 570.4 676.2 0.87
4. H-1832 5.03 – – 570.6 667.2 0.75
5. H-6889 5.63 459.8 0.21 570.2 669.6 0.72
6. H-8786 5.86 461.2 0.47 571.0 685.5 0.89
7. H-7089 6.90 458.7 0.33 570.7 677.1 0.84
8. H-8474 5.51 458.1 0.26 570.5 685.9 1.195
9. H-4924 6.27 461.1 0.39 570.6 674.5 0.87
10. H-9918 4.71 458.8 0.31 570.5 678.7 0.71
11. H-7050 6.50 458.8 0.30 570.4 673.0 0.67
12. H-9880 5.18 457.3 0.30 570.3 665.1 0.47
13. H-6711 6.29 – – 570.8 682.4 0.74
14. H-1766 6.63 455.8 0.37 570.1 684.2 1.27
15. H-7044 7.01 458.2 0.38 570.3 678.8 1.07
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2.3.1 Rectification Methodology for RC Conventional Slab/RC
Column and RC Beam (Class 1 Fire)

1. Providing necessary scaffolding and working platform for the area to be
plastered.

2. Chipping the existing old surface about 5–6 mm to remove the black smoke
stain-affected concrete.

3. Cleaning the surface of loose and foreign materials and smoke stain material by
means of sandblasting with coarse sand and pressure sufficient to ensure that
sand sticks to the surface under air pressure.

4. The above operation shall be followed by the final cleaning of the surface that
shall be done with oil-free air blast.

5. The cleaned surface shall be wetted followed by application of cement slurry
after wetting the surface and then 6 mm thick (minimum) cement plasterwork of
mix 1:3 (1 PPC/masonry cement:3 sand) to build up the even finished mortar
surface by means of wooden float to the original concrete surface.

6. The above application shall be followed by 24 h of drying and curing shall be
continued for at least 10 days.

2.3.2 Rectification Methodology for RC Conventional Slab, RC
Column and RC Beam (Class 2 and 3 Fire)

1. In the portions of elements belonging to zone 2, where no spall had occurred,
the treatment mentioned in Sect. 2.3.1 can be used for the purpose of repair.

2. The repair procedure given below shall be adopted in places where depth of
repair treatment is less 50 mm and where some spalling has occurred.

Fig. 12 PT 3 (0–50 mm)
H-1832 (typical DTA–TG
curve)
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2.3.3 Rectification Methodology for PT Slab (Class 3 Fire)

The core cut results show minimum cube strength of 23.6 N/mm2 and maximum
cube strength of 43.3 N/mm2. Strength of concrete as per core results is considered
and by assuming tendon has lost its entire property (for the span portion) the design
is carried out.

The rectification methodology is as follows:

1. Providing the necessary scaffolding and working platform for the area to be
repaired.

2. In the elements belonging to zone 3, where plaster or concrete has spalled-off,
the weak concrete including loose concrete in the area shall be removed up to
25 mm depth (minimum) by chipping off with hammer and chisel/concrete
cutting machine. The repair shall include the area of spalling of plaster/concrete
and it’s surrounding (i.e. the area of weak concrete to be removed) extending at
least 100 mm beyond the spall in all directions.

3. The surface shall be cleaned by sandblasting followed by cleaning oil-free air
blast as mentioned earlier in the repair operations for Zone 1.

4. An anti-corrosive coating of minimum 40–50 microns thick on the surface of
exposed rebars, cleaned by sandblasting shall be applied to avoid future anode
formation. Sikatop Armatec 108 or Colusal VL of MC-Bauchemie or
Nitroprime of Fosroc or equivalent product may be used.

5. “L” shaped RC dowel (maximum 500 mm in length) reinforcements (12 mm
dia. bars—approximately 400 mm c/c both ways, as per approved drawing) are
chemically grouted by using “Hilti” or equivalent to establish shear connection
between old existing concrete and the new concrete (Fig. 13).

6. Mat as per design (12 mm/16 mm dia. bars) is tied with the cover blocks in
position over the “L” shaped RC dowels, which was already drilled in the
parent slab.

7. Fresh non-shrink, freely flowing, cementitious micro concrete shall be used to
repair the cut area after thoroughly cleaning the surface of the steel if exposed.
SikaRep—microcrete 2 or Renderroc RG of Fosroc or equivalent that exhibits a
strength of 30 MPa in 3 days and 50 MPa in 28 days both measured at 30 °C.
Cast-in-situ or any other suitable technique may be used to apply the concrete
for a band of 4.5 m width and drop depth of 625 mm connecting the affected

Fig. 13 Schematic drawing
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columns (existing drop depth is 525 mm) and slab thickness of 325 mm (ex-
isting slab thickness is 275 mm). The mould must be suitable, robust and firmly
fixed to withstand the applied pressure without leakage of grout. For the con-
creting of soffit of slab, holes can be drilled from top to put the freely flowing
concrete over the firmly supported mould.

8. The shuttering is removed after the concrete gets strength and entire area is
reproped.

9. The entire area of retrofit shall be drilled from bottom to the depth of ne
concrete for low viscous epoxy grouting. The grout tubes spacing shall be
1.2 m c/c both ways.

10. All reprops shall be removed after grout attains strength (Fig. 14).

Pictures during execution:
See Figs. 15, 16, 17 and 18.

Fig. 14 Numeration detail of part PT slab after rectification

Fig. 15 Tying of reinforcement in progress (before concreting)
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Fig. 16 Concreting through
self-compacting concrete
(SCC) by making holes in the
existing slab (before
concreting)

Fig. 17 Concreting through
self-compacting concrete
(SCC) by making holes in the
existing slab (during
concreting)

Fig. 18 Concreting through
self-compacting concrete
(SCC) by making holes in the
existing slab (after concreting)

Fig. 19 After completion of
SCC (view from ground floor)
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Pictures after completion:
SCC shows seventh-day strength as 42 Mpa (Figs. 19 and 20).

3 Conclusion

The complete retrofit of the fire damaged area was done without resorting to any
external pre-stressing or fibre wraps to reduce the total cost of the retrofit.

This was achieved by complete evaluation of existing structural elements and
redesigning the slab.

The entire retrofit was accomplished and the design capacity of the slab was
restored.
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Fig. 20 After deshuttering
(view from basement 1 floor)
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Behavior of FRP-Strengthened
Reinforced Concrete Columns Under
Pure Compression—Experimental
and Numerical Studies

M. Chellapandian and S. Suriya Prakash

Abstract Hybrid strengthening of columns is explored in this study using both
near-surface mounting (NSM) of carbon fiber-reinforced polymer (CFRP) laminates
and external bonding (EB) of CFRP fabric. A total of ten small-scale square col-
umns were cast and tested to investigate the efficiency of hybrid strengthening of
RC columns under pure compression. A nonlinear finite element model was pro-
posed to investigate the behavior of columns with and without FRP strengthening.
The experimental results are compared with the finite element predictions to vali-
date the proposed model and the predicted response. Comparisons showed close
correlation with the observed behavior. The results indicate the hybrid strength-
ening was able to increase both the strength and stiffness of columns compared to
that of only NSM and CFRP confined columns.

Keywords CFRP � Near-surface mounting � External bonding
RC column � Hybrid strengthening

1 Introduction

Strengthening of reinforced concrete structures using fiber-reinforced polymer
(FRP) composites has gained relevance in recent years due to the problems
encountered in conventional strengthening techniques. Strengthening of structures
using steel jacketing technique has been used in the past decades to provide good
confinement effect but at a cost of increased weight and handling difficulties. FRP
composites consist of fibers used as reinforcing elements and the polymer matrix
used for transferring the load between the concrete and fiber interface. FRP
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composites possess many advantages like lightweight, ease of installation, resis-
tance to corrosion, and high strength. Concrete columns are predominantly sub-
jected to pure compression loading resulting in brittle material failure by crushing
of concrete. FRP strengthening of columns can provide passive confinement for
improving the strength, ductility, and energy dissipation capacity of the columns.
Parvin and Brighton [1] investigated the corrosion repair of concrete columns using
FRP and concluded that FRP strengthening not only improves the strength and
ductility but also reduces the rate of corrosion significantly.

2 FRP Strengthening Technique

In general, the type of strengthening technique will be chosen based on the extent of
damage or retrofit required for the particular member or the additional load-carrying
capacity required by the structure to account for the increased demand in loads.
Near-surface mounting (NSM) technique is used to retrofit the deficit structures that
are predominantly subjected to shear and flexure. Olivova and Bilcik [2] carried out
experimental study on concrete columns strengthened using carbon FRP laminates
and concluded that NSM technique is effective only if the member is subjected to
bending. NSM technique is also mainly used for strengthening the members that are
prone to fire conditions. External bonding of FRP fabric is the most common
method of strengthening the concrete members subjected to axial load. Confining
effect in columns using FRP fabric is reduced due to premature de-bonding [2]. In
this study, combining the advantage of both NSM and EB techniques, hybrid
strengthening technique is proposed where the carbon laminates help in improving
post-peak behavior and energy dissipation capacity of columns, whereas the carbon
fabric helps in improving the confinement effect and delays the buckling of rein-
forcement and laminates. As a result, the column possesses higher load capacity
that is required to overcome the additional requirement.

3 Experimental Investigation

3.1 Specification of Test Specimen

Ten small-scale square columns of cross section as shown in Fig. 1 were cast to
experimentally investigate the behavior of columns with different strengthening
techniques such as near-surface mounting, external bonding, and hybrid strength-
ening. The dimensions of the column were 230 mm � 230 mm � 450 mm. The
columns were tested under pure axial compression loading. The details of the
specimen are given in Table 1.
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3.2 Material Properties

3.2.1 Concrete

Columns were cast in IIT Hyderabad and water cured for 28 days. The average
cylinder compressive strength of the column was found to be 34 MPa.

3.2.2 CFRP Laminates

Laminates used in NSM strengthening were obtained from pultrusion process
wherein carbon is used as the fiber material. The dimensions of laminates are
50 mm � 4.2 mm. Coupon test was carried out to determine the tensile strength of
the laminate and was found to be 2300 MPa. The modulus of elasticity and rupture
strain were 150 GPa and 1.3%, respectively.

Fig. 1 Cross-sectional details of column

Table 1 Details of test specimen and strengthening technique

S. No. Specimen ID Loading
type

Strengthening details Concrete
strength
(MPa)

1. SQ-PCC Pure
compression

No strengthening 34

2. SQ-CP Pure
compression

No strengthening 34

3. SQ-NSM Pure
compression

8 CFRP laminates
(12.5 mm � 4.2 mm)

34

4. SQ-EB Pure
compression

2 layers of CFRP fabric
(500 mm � 0.2 mm)

34

5. SQ-HYBRID Pure
compression

8 CFRP laminates + 2
layers of fabric

34
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3.2.3 CFRP Fabric

A 500 mm � 0.2 mm CFRP fabric of 230 GSM was used. The modulus of elas-
ticity of the fabric was found to be 81.3 GPa with the rupture strain of about 1.4%.

3.3 Strengthening Procedure

3.3.1 NSM Strengthening

NSM strengthening was carried out as per the ACI 440.2R provisions [3]. A groove
was cut in columns with dimensions not lesser than 1.5 times the dimension of the
laminates. The groove is cleaned and applied with primer to remove the dust and to
provide a good bond between the concrete and the laminate. After 24 h, the lam-
inates are placed in the groove and epoxy resin was filled in the groove. After a
curing period of 48 h, the columns were tested. The detailed procedure of NSM
strengthening is shown in Fig. 2a–d.

3.3.2 Strengthening by External-Bonded FRP

The corners of the square columns are ground in order to provide a smooth contact
surface and prevent any edge de-bonding of FRP. The surface of the specimen is

a. Cutting of Groove  b. Application of Primer c. Pasting Strain Gauge   d. Inserting Laminates

e. Grinding of Corners f. Application of Primer g. Pasting CFRP         h. Rolling on Surface

Fig. 2 a–h Strengthening of columns by hybrid strengthening technique
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cleaned and applied with primer. After 24 h, epoxy resin is applied and CFRP
fabric is pasted over the specimen. Minimum overlap is ensured as per ACI 440
provisions [3]. The column surface pasted with CFRP is rolled over with the help of
a hand roller to expel the air bubbles. After a curing period of 48 h for the FRP to
gain sufficient bond, the columns were tested. The detailed procedure of
strengthening by external-bonded FRP is given in Fig. 2e–h.

3.3.3 Hybrid Strengthening Technique

A hybrid combination of NSM and externally bonded was used for strengthening to
prevent the buckling of NSM CFRP laminates under compression. The objective of
the hybrid strengthening was to gain increased strength stiffness and ductility. The
detailed procedure is explained in Fig. 2. Previous research on NSM and hybrid
FRP strengthened RC elements shows the effectiveness under all combinations of
axial compression and flexure [4–8].

3.4 Experimental Testing

The experimental setup for testing strengthened RC square RC columns under
pure compression is shown in Fig. 3. The concrete column is tested under
displacement-controlled mode using a servo-controlled compression testing
machine (CTM) of 5000 kN capacity. The bottom plate ensures fixity of the col-
umn, while the top plate applies uniform compression on the column. The surface
undulations are removed by loading and unloading the specimen for 15% of its
peak load up to three cycles. Once the initial undulations are removed, the testing is
started again in displacement-controlled mode. An average displacement from two

Fig. 3 Experimental setup.
1. 5000 kN CTM, 2. RC
column, 3. controls console,
4. HBM DAQ controller,
5. DAQ system

Behavior of FRP-Strengthened Reinforced Concrete Columns … 667



10 mm LVDTs was used for displacement-controlled testing. Once the displace-
ment exceeds more than 9 mm, the controls are shifted to 50 mm LVDT. Four
20-mm LVDTs are attached to the surface of the column to measure the defor-
mation of the column. The gauge length is fixed as 180 mm for measuring the
surface strain in concrete. MX-1615 data acquisition system (DAQ) is used to
measure the strains from the strain gauges (120 X) connected to the steel rein-
forcements and FRP. Four strain gauges are connected to the steel reinforcements
(two in longitudinal and transverse reinforcements), and two strain gauges are
connected to both CFRP laminates and CFRP fabric.

4 Results and Discussion

4.1 Experimental Results

Experimental results of strengthening techniques were compared in Table 2. To
understand the efficiency of each technique under pure compression, the ultimate
load is considered as the load at which the drop in the peak load exceeds more than
40% and the same is considered as failure.

4.1.1 Behavior and Failure Mechanisms

The overall behavior of columns under axial compression is depicted in Fig. 4. It is
clear that hybrid FRP strengthening was able to improve the strength and ductility
of columns when compared to only NSM or EB strengthening. The plain concrete
specimen (SQ-PCC) had an initial crack at a load of 1336 kN after which there is a
change in the slope of curve. The column attained peak load at a displacement of
0.26 mm. The failure occurred due to formation of large compression crack at the
center with few small cracks nearby. For the columns with conventional rein-
forcements (SQ-CP), the load corresponding to spalling of concrete cover was
about 1650 kN and peak displacement of 0.39 mm.

Table 2 Test results of strengthened RC columns

S. No. Specimen ID Experimental results Numerical results

Peak
load
(kN)

Failure
load
(kN)

Peak
disp. (mm)

Ultimate
disp. (mm)

Peak
load
(kN)

Ultimate
disp. (mm)

1. SQ-PCC 1764 1099 0.27 0.72 1913 0.35

2. SQ-CP 2148 1372 0.39 1.37 2291 0.92

3. SQ-NSM 2319 1443 0.45 1.92 2202 1.90

4. SQ-EB 2357 1562 0.49 1.95 2635 2.18

5. SQ-HYBRID 2590 1630 0.44 2.11 2751 2.25
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The column strengthened using NSM CFRP laminates had improvement in the
load only up to 8% which is not a significant number, but the mode of failure
changed from brittle to ductile. There was a considerable reduction in the spalling
of concrete cover and compression cracking. There was considerable improvement
in the cracking load of the column about 18% when strengthened using
external-bonded technique of CFRP fabric. The peak load and ultimate
load-carrying capacity of the column was increased by 10 and 42%, respectively.
When the columns are strengthened using hybrid NSM and EB technique, the peak
load had an improvement about 21% when compared to the control specimens. The
specimen failed at an ultimate displacement of 2.11 mm which was improved 54%.
As expected, the buckling of CFRP laminates is prevented in this technique.

4.2 Numerical Modeling

Using commercial finite element software ABAQUS, nonlinear finite element
modeling of concrete is performed using concrete damage plasticity. The procedure
of nonlinear analysis is carried out using dynamic explicit method. In meshing,
three-dimensional eight-noded brick element C3D8R is used for concrete and
two-noded truss element T3D2 is used for reinforcement and laminates.
Three-dimensional four-noded shell element S4R is used to model CFRP fabric.
Reduced integration technique is used to reduce the computational time for the
analysis. Bond definitions are not defined and presented as a part of this study due
to high computational time. However, the improved model including the cohesive
bond slip behavior between CFRP and concrete is defined and a detailed parametric
investigation is carried out in the other paper of authors [9].

4.3 Comparison Graph

Finite Element (FE) predictions are compared with the test results and shown in
Figs. 5, 6, 7, 8, and 9. The FE predictions had a fair correlation with the test results.
The variations in post-peak predictions are due to interaction behaviour of concrete
and FRP/steel. The results presented in this study is a part of preliminary investi-
gation carried out which is improved further with the cohesive bond slip definitions
and presented in the companion paper [9].
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5 Conclusions

This paper presents the effectiveness of hybrid strengthening technique in
improving the performance of reinforced concrete columns under pure compres-
sion. The following important conclusions can be drawn from this study:

• Hybrid FRP strengthening improved strength, ductility, and stiffness of the
columns under compression which is significant from the overall behavior and
failure mode.

• There is considerable increase in the load-carrying capacity of the
hybrid-strengthened column with failure occurring at a higher strain compared
to the conventional RC columns.

• Hybrid-strengthened columns failed by rupture of confinement fibers and
through de-lamination of NSM CFRP along with the concrete cover.

• Nonlinear finite element model was able to predict the initial stiffness, peak load
and failure mechanism of the tested columns with and without FRP strength-
ening. However, improvements required for accurate prediction of post-peak
behavior.
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A Numerical Study on the Behaviour
of Reinforced Concrete Slab
Strengthened with FRP Laminates Using
Finite Element Approach

F. Shit and S. Roychowdhury

Abstract External wrapping with fibre-reinforced polymer (FRP) sheet has
become a promising solution for retrofitting of damaged reinforced concrete slab in
reinforced concrete framed structures as well as brick masonry structures due to
various advantages. In particular, the flexural strength of a slab can be significantly
increased by application of FRP sheets adhesively bonded to the tension face of the
slab. It has been tried in the present work to study the behaviour of reinforced
concrete slab strengthened with glass fibre-reinforced polymer (GFRP) laminates
following the finite element approach using the software ANSYS. Previous research
work based on the experimental observation reveals the fact that the extent of repair
or strengthening of reinforced concrete slab with FRP laminates in terms of the
load-carrying capacity or deformation under service load depends on different
parameters such as the location of FRP laminate, the width of the FRP strips and
thickness of the FRP.

Keywords Reinforced concrete slab � Strengthened RC slabs � FRP
fibre-reinforced polymer � ANSYS

1 Introduction

The present work is aimed to analyse numerically the reinforced concrete simply
supported slab strengthened with FRP laminates using FE method. This involves
the proper choice of element, material properties, boundary conditions, solution
techniques, etc. In this chapter, different steps of FE modelling of the
above-mentioned slab is described with reference to the features available in the FE
software ANSYS and models prepared are analysed to obtain load deformation
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response analytically. To perform a parametric study, the numerical analysis of a
RC slab with or without FRP laminates is done using different FRP position, FRP
width and FRP thickness.

2 Literature Review

Ebead et al. [1], in their paper, reported the results of six specimens to evaluate the
effectiveness of using fibre-reinforced plastics as strengthening materials for
two-way slabs against flexural deficiency. Chothani et al. [2] reported that the
structural response of slab was improved due to the bonding of FRP laminate with
the slab. In their experimental work, three identical reinforced concrete slabs
(1500 � 900 � 50 mm) were constructed. Mustafa and Agarwal [3] presented a
study dealing with the finite element modelling of control RC slabs and strength-
ened slabs with the help of finite element software ANSYS where the software was
used for modelling of RC structures.

3 Model of RC Slab Structure

In the present work, a RC slab is modelled with or without FRP laminates and
validation is performed with the analytical solution of the same RC slab without
FRP laminates reported in the Ph.D. thesis of S. Roychowdhury and shown in
Fig. 1. There are four FE models of the slab out of which one control slab (S1) is
without FRP laminates and three retrofitted slab (S2, S3, S4) with FRP laminates.
The dimensions of all the slab specimens are identical. The plan dimensions of all
the RC slab is 1980 mm (in x-direction) and 1980 mm (in z-direction). Thickness of
slab is 51 mm. The slab is reinforced with two layers of reinforcing bars (FE 500)
of area 281 mm2/m provided at the bottom face only.

3.1 Element Types

While modelling the RC slab in ANSYS, different elements are used to model
concrete, steel reinforcement and FRP laminates. SOLID65 element is chosen to
model three-dimensional concrete elements; LINK180 is adopted for flexural
reinforcement bars. SOLID185 element has been taken to model the layer of
FRP. Following are the brief descriptions of these elements along with the real
constants required to be provided in ANSYS.
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3.2 Input for Material Properties

Material plays an important role in ANSYS modelling. Cube compressive strength
and all other properties of concrete are taken from the previous experimental
study by Taylor et al. [4], and the numerical analysis has been conducted by Owen
et al. [5]. Ec = 5000 √fck = 29,580.39 MPa, fck = 35 MPa, Poison’s ratio = 0.18.
Parameters needed to define the material properties for the slab models are given in
Table 1.

3.3 Details of the Present Finite Element Model

The two-way simply supported RC slab is modelled as a volume (Fig. 2). Due to
symmetry in geometry of the RC slab and loading, the finite element analysis is
done for one-quarter of the slab. For quarter model, the dimensions are as
915 mm � 915 mm � 51 mm (Fig. 1).

Fig. 1 Details of the
unretrofitted RC slab
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Table 1 Material properties for present model

Material model number Element type Material properties

1 SOLID65 Multilinear isotropic

Reference point Strain Stress (MPa)

1 0 0

2 0.0002 0.665

3 0.0006 1.785

4 0.001 2.625

5 0.0014 3.185

6 0.0018 3.465

7 0.0035 3.5

Non-metal plasticity (concrete)

Shear transfer coefficient
for open crack

0.3

Shear transfer coefficient
for closed crack

1

Uniaxial tensile cracking
stress

3.79 e6

Uniaxial crushing stress −1

Biaxial crushing stress,
ambient hydrostatic
stress state, biaxial
crushing stress under
ambient hydrostatic
stress state, uniaxial
crushing stress under
ambient hydrostatic
stress state, stiffness
multiplier for cracked
tensile condition

Each of these value is 0

2 LINK180 Linear isotropic

Ex 2.069 e11

PRXY 0.3

Bilinear isotropic

Yield stress 3.759 e8

Tang modulus 3 e10

3 SOLID185 Linear orthotropic

Ex (MPa) 20,700

Ey (MPa) 7000

Ez (MPa) 7000

Vxz 0.26

Vxy 0.26

Vyz 0.3

Gxz (MPa) 1520

Gxy (MPa) 1520

Gyz (MPa) 2650
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4 Results and Discussions

The results of finite element analysis of control slab and the retrofitted slabs are
presented here. Three parametric variations like the variation of location, width and
thickness of FRP are considered and the corresponding models are numerically
analysed.

4.1 Location of FRP

To strengthen the basic reinforced concrete slab (also termed here as control slab
SS1), FRP laminates are considered as attached with the bottom surface of the slab.
To study the effect, three different locations of the FRP strips are considered
(Fig. 3)—(a) along the simply supported edge (SS2), (b) along the continuous edge
(SS3) and (c) along the diagonal (SS4).

Fig. 2 Volume created in
ANSYS

Fig. 3 FRP along the support
edge SS2, continuous edge
SS3, along the diagonal SS4
(for one-quarter model)
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The result coming from the analysis of control slab SS1 and the same for
retrofitted slab SS2, SS3 and SS4 are compared graphically in the plot of load
deflection curve as given in Fig. 4. These three retrofitted slabs carry more load
than SS1 slab and also the stiffness is more than that of SS1 slab. Among these
three retrofitted slabs, SS3 and SS4 are stiffer than slab SS2 with SS4 being the
most stiff. From this, it can be suggested that for simply supported slab, the location
of FRP along diagonal is the best alternative.

4.2 Width of FRP

The width of FRP laminate in each of the retrofitted slabs SS2, SS3 and SS4 is
considered as a variable parameter in this section as this has a considerable effect on
the behaviour of the slab.

4.2.1 FRP Along the Support Edge of the Simply Supported Slab

In slab SS2, the FRP has been provided along the support edge. But initially in the
model, FRP elements are attached with the outermost elements of the model as
shown in Fig. 5. Thus, the percentage of slab area covered with FRP are increased
to 30, 55, 75 and 100%, respectively. All these models are analysed and the
load-deflection plots coming from the analysis are compared as shown in Fig. 6.

The comparison not only shows that the slabs get more stiffer with the increment
in the area of FRP laminates but also indicates that the failure load increases with
higher FRP area.
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RC slab due to change in
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continuous edge
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4.2.2 FRP Along the Continuous Edge of the Simply Supported Slab

Similar to the change of width of FRP along support edge, continuous edge of slab
SS3 are retrofitted with increasing FRP. The percentage of slab area covered with
FRP are 30, 55, 75 and 100%, respectively, as shown in Fig. 7. All these models are
analysed and the load-deflection plots coming from the analysis are compared as
shown in Fig. 8. The comparison of load-deflection curve not only shows that the
slabs get more stiffer with the increment in the area of FRP laminates but also
indicates that the failure load increases with higher FRP area.

Fig. 5 30, 55, 75, 100% area
of slab SS2 covered by FRP
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4.2.3 FRP Along the Diagonal of the Simply Supported Slab

Similar to the previous two locations, in slab SS4 the width of FRP is also
increased, the FRP has been provided along the diagonal direction of the
one-quarter of the slab. Thus, the percentage of slab area covered with FRP are
16.67, 33.33, 50, 66.67 and 100%, respectively, as shown in Fig. 9. The compar-
ison shows that the slabs get more stiffer with the increment in the area of FRP
laminates indicating smaller deflection at the ultimate load shown in Fig. 10. It is
also observed that there is a variation in the failure load which increases just after
increasing the width of FRP area but there is minor changes (reduction in some
cases also) when the FRP area is increased further.

In addition to the above, the change of load-carrying capacity of simply sup-
ported RC slab retrofitted with FRP at different locations and having different
width, i.e. area of FRP, are shown in the following Table 2 and change of

Fig. 7 30, 55, 75, 100% area
of slab SS3 covered by FRP
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Fig. 9 16.6, 33, 50, 66.67 and 100% area of slab SS4 covered by FRP

Table 2 Change of load-carrying capacity of RC slab retrofitted with FRP

Percentage
of FRP area

Increment of load-carrying capacity in percentage

RC slab retrofitted with
support edge FRP

RC slab retrofitted
with diagonal FRP

RC slab retrofitted with
continuous edge FRP

16.67 8.73

30–33.33 8.73 8.73 8.73

50–55 27.1 8.73 27.1

66.67–75 27.1 12.62 12.62

100 41.75 41.75 41.75
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deformation at ultimate load of those slab retrofitted with FRP are shown in
Table 3. It can easily be observed that to achieve maximum benefit 100% of the
slab area should be covered with FRP. But in case of location of FRP along support
edge or continuous edge, coverage of 50–55% area will give satisfactory
improvement. But for the location of FRP along diagonal, the requirement of
coverage with FRP is found to be 75%. The deformation at ultimate load has also a
tendency to reduce with the increase in the area of slab covered with FRP which is
quite obvious.

4.3 Thickness of FRP

In this section, an attempt has been made to study the behaviour of the retrofitted
slab due to the change in the thickness of the FRP laminates. Initially, the slab
models SS2, SS3 and SS4 have been prepared considering the thickness of FRP as
3 mm. Here, this thickness has been increased to 5 mm and the models are S12,
S13, and S14. All these models are analysed and the load-deflection plots coming
from the analysis are compared as shown in Fig. 11 for the three different locations
of FRP, respectively. From the comparisons of three curves, it is observed that due
to the increase in the thickness of FRP, the load-deflection curve gets stiffer and
gives higher ultimate load compared to that with lower thickness of FRP in all three
locations of FRP, i.e. along support edge, along continuous edge and along diag-
onal. But the change of stiffness is considerably high in case of the location of FRP
along continuous edge and diagonal. It is comparatively less in the case of FRP
along support edge.

Table 3 Change of deformation at ultimate load of RC slab retrofitted with FRP

Percentage
of FRP area

Deformation at ultimate load (mm)

RC slab retrofitted with
support edge FRP

RC slab retrofitted
with diagonal FRP

RC slab retrofitted with
continuous edge FRP

16.67 27.06

30–33.33 30.79 21.84 22.58

50–55 34.44 20 26.08

66.67–75 29.2 19.07 19.31

100 23.32 23.32 23.32
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5 Conclusion

From the above three different parametric studies on simply supported RC slab
strengthened with FRP laminates, the following conclusions are made.

(a) Three different locations of the FRP strips have been considered and observed
that the retrofitted slab shows higher stiffness and ultimate load compared to the
unretrofitted control slab irrespective of the location of FRP. Among three
retrofitted slabs SS2, SS3 and SS4, the diagonal location of FRP giving the
highest stiffness and ultimate load becomes the best alternative.

(b) It can easily be observed from the results of above-mentioned second para-
metric study that to achieve maximum benefit, 100% of the slab area should be
covered with FRP. But in case of location of FRP along support edge or
continuous edge, coverage of 50–55% area will give satisfactory improvement.

(c) It is also observed that due to the increase in the thickness of FRP, the
load-deflection curve gets stiffer and gives higher ultimate load compared to
that with lower thickness of FRP in all three locations of FRP. The effect of
change of stiffness is considerably high in case of the location of FRP along
continuous edge and diagonal. It is comparatively less in the case of FRP along
support edge.

In fine, it can be stated that the present work will help and provide guideline for
the numerical study of strengthening of pre-damaged RC slab by application of
FRP laminates which is commonly done in actual practice.
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Numerical Evaluation of Cyclic
Performance of Damaged RC Frames
Using Passive Devices

Romanbabu M. Oinam and Dipti Ranjan Sahoo

Abstract Metallic yielding device is one of the passive energy dissipation devices.
It has good energy dissipation capacity, high initial stiffness along with high duc-
tility. In this study, 0.4-scale single-story single-bay non-ductile gravity load design
frame has been tested under cyclic load; later on, the damaged frame has been
strengthened with the help of steel caging and metallic yielding damper. In this
paper, the experimental results are validated numerically using OpenSees. The
numerical model has the capability of predicting of failure and nonlinear behavior
of reinforced concrete frame. The numerical model predicted the hysteresis
behavior, stiffness, and energy dissipation with adequate accuracy.

Keywords Non-ductile reinforced concrete � Metallic yielding damper
Hysteresis � Stiffness � Energy dissipation

1 Introduction

To control excessive damage in highly vulnerable existing non-ductile gravity load
design reinforced concrete (RC) buildings, many researchers have performed
extensive experimental investigations using various types of passive control device
[1, 2]. Modern seismic codes emphasize the requirement of transverse reinforce-
ment with adequate toughness and ductility of structural members during strong
ground shakings. However, in existing structures, there is limiting possibility of
changing the section sizes or percentage of reinforcement. Hence, the existing RC
buildings require strengthening to enhance their seismic performance [3–5].
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The seismic performance of RC structure is highly dependent on interaction
between the reinforcement bars and concrete. During cyclic displacement (similar
to earthquake-induced load profile) tests, bond degradation is accelerated, which
leads to significant bar slippage. Hence, bond-slip mechanism is one of the most
important reasons for damage or collapse when subjected to earthquake loading [6].
As a result, bond-slip effect should be considered in numerical model to predict the
realistic behavior RC structures.

This study describes the numerical modeling of two experimental frames
(0.4-scale model), which are strengthened by metallic yielding dampers and steel
caging technique (RS-1 and RS-2). The combined metallic yielding damper (CMD)
has been used as global strengthening technique, when the steel caging is used on
column as local strengthening technique. The experimental results are used to
calibrate the numerical model taking the bond-slip effect into account. The main
objectives of this study are to investigate (a) bond-slip effect in the non-ductile
gravity load design frame, (b) modeling of the strength and stiffness degradation of
reinforced concrete structure during loading and unloading, (c) evaluation of
effective concrete confinement due to steel cage, and (d) modeling of CMD device.

2 Description of Study Frames

A single-story single-bay reinforced concrete (RC) frame representing an interior
bay of a prototype open-ground-story-framed structure is considered as the test
frame in this study. All the dimensions and percentage of reinforcement of test
frame is simulated using 0.4-scale factor. The overall width and height of test frame
are taken as 3200 and 2100 mm, respectively. The cross-sectional dimension of
beam is taken as 160 � 130 mm, whereas both the columns’ dimension is assumed
as 160 � 160 mm.

Both the RS-1 and RS-2 specimens are damaged test specimens due to previous
cyclic test. Due to excessive damage on column, RS-1 specimen is strengthened
using CMD and with steel cage on column, while RS-2 specimen is strengthened
with the help of CMD only. Figure 1a, b shows clearly the RS-1 and RS-2 detailing

(a) (b) (c)

Fig. 1 a Detailing of RS-1 frame, b detailing of RS-2 frame, and c RS-1 frame test setup
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along with test setup. Both the specimens are subjected to the same cyclic dis-
placement up to 6.0% lateral drift under constant gravity load.

3 Overview of OpenSees Platform and Models

OpenSees is a software framework for simulating the seismic response of structural
and geotechnical systems subjected to earthquakes and other hazards [7]. This
framework software has different type of sections, each of them has own specialty;
however, for the frame structural member, fiber-based models are always preferred
due to realistic plastic hinge mechanism. Figure 2 shows the distribution of element
in frame member considering bond-slip model along with fiber sections. Frame
stiffness and strength are obtained numerically by integrating the stiffness and
strength of members. Damage level of each fiber section is observed from state of
strain, which is recorded using the section deformation. This is based on the plane
section assumption. In addition, the stress and stiffness of fiber sections are
upgraded based on the material behavior, followed by upgrading of the section
resultant force and corresponding stiffness [8, 9].

OpenSees has capability of simulating the bond-slip effect on the elements. The
fiber section does not take care of shear deformation; however, in practically
structural member deformation is the interaction of axial, flexural, and shear force.
As a result, to consider shear deformation in model, section aggregator is intro-
duced in fiber section.

(b)(a)Fig. 2 a Distribution of
elements and b fiber section
elevation and plan [7]
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3.1 Structural Elements’ Modeling

The fiber section work based on distributed plasticity and inelasticity can form at
any section point along the longitudinal axis of the element, where the points are
identified by the numerical integration method. Distributed plasticity model will
provide accurate to exact solution; however, this method required a great compu-
tational effort [10]. In case of lumped plasticity, there will not be much computa-
tional effort; however, result will not be accurate compared to distributed plasticity.
In this study, all the structural members are assigned forced-based distributed
plasticity beam-column element. Figure 2a shows modeling of flexural, shear, and
axial behavior RC frame adopted in this study.

3.2 Concrete Modeling

Uniaxial material model “Concrete02” has been used to account for the compres-
sion as well as tensile behavior of concrete. The tensile strength of the concrete is
generally not taken into account in the design of concrete members due to its
weakness in tension. However, for validating the experimental result, tensile
strength cannot be ignored. Direct tensile strength of M25 grade concrete is 8–11%
of compressive strength [11]. The concrete compressive strength used in the
numerical model is 34.6 MPa [12]. The tensile strength of the reinforced concrete
has been taken as 10% of its mean compressive strengths [11]. The nonlinear
monotonic behavior of concrete is characterized by a multi-linear curve, defined by
seven parameters as shown in Fig. 3a. These parameters are (a) maximum com-
pressive strength (fpc); (b) strain at maximum compressive strength (esc0);
(c) crushing strength (fpcu); (d) strain at crushing strength (escu); (e) ratio of
unloading slope and initial slope (k); (f) tensile strength of concrete (ft); (g) tension
softening stiffness (Ets).

(a) (b) (c)

Fig. 3 Material parameters of concrete, reinforcement, and bond slip models a Concrete02,
b Pinching4, and c Bond SP01
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3.3 Reinforcement Bar Modeling

Pinching effect in the hysteretic response of RC members at the higher cyclic
excursions is a common phenomenon. This is an inherent property of concrete, and
it happens due to the combined effect of stiffness and strength degradation in the
nonlinear range while loading and unloading occur. Due to this effect, concrete
members dissipate less energy compared to steel structures. To consider the
pinching effect in the modeling of concrete members, a uniaxial material called
pinching4 is used from OpenSeess library. Figure 3b shows the load deformation
curve of pinching4 material. The speciality of pinching4 material is that it considers
material degradation (strength–stiffness). The strength–stiffness cycle degradation
occurs in three ways: namely (a) unloading stiffness degradation, (b) reloading
stiffness degradation, and (c) strength degradation.

Table 1 shows the damage parameters of pinching4 material. The damage
parameter includes the following factors, (i) ratio of deformation rDisp, (ii) ratio of
force rForce, (iii) ratio of strength developed uForce, (iv) cyclic stiffness degra-
dation c K and c D, (v) cyclic strength degradation c F, (vi) maximum energy
dissipation under cyclic loading c E, and (vii) type of damage.

3.4 Bond-Slip Model

Bond slippage normally occurs in column-foundation joints and beam-column
joints. In this study, bond-slip model is applied to the above-mentioned joints.
Location of bond-slip model is shown in Fig. 2a. Due to lateral displacement
imposed at beam level, there is high bending moment is developed at all corners
because of moment resisting connection, so the probability of bond slip at these
joints are very high. In OpenSees library, there is a material called Bond SP01,
which can model the effect of bond slippage. Figure 3c shows the deformation
behavior of Bond SP01 model. In this model, strain penetration is counted at
nonlinear deformation, which can generate the effect of bond slippage.

Table 1 Damage parameters of Pinching4

Pinching4 damage parameters

Fy (Mpa) ES (Mpa) rDisp rFoRCe uFoRCe K D F E dam

Pos Neg Pos Neg Pos Neg

415 2.1 � 105 0.4 0.4 0.1 0.1 0.12 0.12 0.25 0.5 0 10 Energy

0.35 0.5 0

0.4 2 0

0.2 2 0

0.5 0.5 0
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3.5 CMD Model

CMD has been modeled as link element, and force deformation data has been used
as input. Idealized force deformation for CMD is shown in Fig. 4b, and this
deformation behavior has been derived from multiple hystereses of CMD compo-
nent test [13, 14]. Figure 4a shows one of the hysteresis behavior of CMD.
Idealized force deformation curve of CMD has three major coordinates, namely Qy,
Dy, Qu,Du, and Qf, Df. Here, Qy and Dy represent yielding point deformation while
Qu and Du and Qf and Df represent ultimate and fracture deformation points [15].
This ideal force deformation plot has been modeled in OpenSees using “uniaxial
hysteretic material.”

4 Evaluation of Effective Confinement on Steel-Caged
Column

While modeling the steel-caged column, the passive confinement of concrete has
been taken into account. Passive confinement of the concrete column is developed
due to Poisson’s effect, which is generated due to the lateral restrain at corners by
steel angles [16]. Figure 5a shows the unconfined concrete present near the battens
of the steel cage due to absence of confining pressure, which is comparable to the
case of rectangular hoops of shear stirrups in reinforced concrete column where
unconfined concrete is present near the side hoops. The theoretical model of con-
fined concrete for rectangular hoop proposed by Mander et al. [17] is used for the
confinement action, which is produced by external steel cage.

Figure 5b shows half free body diagram of steel-caged section. The average and
effective lateral confined stress can be obtained using balance equilibrium equation
from the figure. As well as, Fig. 5c shows the general solution of the multi-axial
failure criterion in terms of the two lateral confining stresses (i.e., rxe and rye),
which has been developed by Mander et al. [17] for rectangular hoops. From this

(a) (b)

Fig. 4 a Hysteresis behavior of CMD [13] and b ideal load deformation of CMD
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plot, the confined compressive strength of steel-caged concrete can be obtained. To
obtain confining stress, peak unconfined strain (ecc) and ultimate confined strain
(ecu) are required.

The peak unconfined compressive strain (ecc) and ultimate confined strain (ecu)
of concrete have been calculated using equation recommended by Mander et al.
[17], and the corresponding strain values are found to be 0.002 and 0.00526,
respectively. Using material properties of the confined concrete, section capacities
of steel-caged column have been evaluated in terms of axial–moment interaction
and moment curvature. Figure 6 shows section capacities of steel-caged column
section (RS-1).

(a) (b)

(c)

Fig. 5 a Plan and effective
confinement of steel cage
section, b half body
equilibrium of steel cage
section, and c confinement
strength ratio graph [17]
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5 Loading Protocol

In both numerical and experimental studies, same loading protocol has been used
which is recommended by ACI Committee 374.1-05 [18]. Under this loading
protocol, frames are subjected to gradually increase reversed cyclic displacement
with constant gravity load. This displacement history consists of drift cycles of
0.20, 0.35, 0.50, 0.75, 1.10, 1.40, 1.75, 2.20, 2.75, 3.50, 4.50, and 6.0%. This
imposed displacement profile is shown in Fig. 7.

Story drift (or drift ratio) may be defined as the ratio of the roof displacement to
height of the story measured from the bottom level of column to the center line of
top beam. Each displacement cycle is repeated for three times at any drift ratio and
then, followed by a single drift cycle of the smaller magnitude. A constant gravity
load of 7.25 kN is applied at the beam level of the prototype frame. Both the frames
have been investigated under cyclic load up to 6.0% lateral drift considering con-
stant gravity load effect [15].

(a) (b)

Fig. 6 Steel-caged column section capacities a P-M3 interaction and b M-/ curve

Fig. 7 Imposed displacement
history
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6 Results and Discussion

Figure 8 shows the comparison of experimental and numerical results in terms of
hysteresis, backbone, and energy dissipation for RS-1 specimen. During the
experiment, particularly up to 1.0% drift level, CMD was behaving elastically. At
1.4% drift, the shear plate buckled (out of plane) and this corresponded to the
ultimate load carrying capacity (130.0 and 135.5 kN in tension and in compression,
respectively). After this drift level, overall lateral strength of frame was reduced
suddenly to 85 and 99 kN in tension and compression, respectively. Same behavior
of frame is also observed from numerical study. Similar to experimental study, peak
load of numerical frame has been found at 1.4% drift level to be 130.4 and
135.3 kN in tension and compression. At the last cycle (6.0% drift), load carrying
capacity of frame has been observed as 87.2 and 109.4 kN in experimental and
numerical, respectively, in compression cycle. All these behaviors are clearly vis-
ible in the backbone comparison (Fig. 8b). While comparing pinching behavior,
numerical model predicted the experimental results accurately. In case of energy
dissipation, numerical model has lower energy dissipation in the lower drift cycles;
however in higher drift level, it has lower value compared to experimental but
difference is not that much. At the final drift level, numerical energy dissipation has
bit higher than experimental.

Comparison of experimental and numerical results of RS-2 frame is shown in
Fig. 8d–f. Experimentally, maximum lateral load resistance of RS-2 was 124.5 and

(a) (b) (c)

(d) (e) (f)

Fig. 8 Comparisons of experimental and numerical results of RS-1 and RS-2 specimen
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−126.8 kN in tension and compression, respectively, at 2.75% drift level.
Numerically, the peak lateral load of 126.2 and 126.5 kN in tension and com-
pression, respectively, is observed at same drift level. In addition, from the com-
parison it can be observed that both experimental and numerical hysteresis
responses are close to each other up to 2.75% drift level in both tension and
compression. Last three drift level numerical results show a bit higher load carrying
capacity than experimental results. The difference is 13.0% in both compression
and tension (90.0 and 102 kN). All these deformation can be observed clearly from
backbone curve in each drift cycle. Energy dissipation of numerical RS-2 model is
very close to experimental values in the beginning; after some few cycles, the
values are bit lower than experimental results; however, at the higher drift level
numerical values are close to experiment results. At final drift level, numerical
model predicted higher values of lateral strength than experiment.

7 Conclusion

Numerical models of RC frames have been developed using OpenSees, and it
considers bond slip at all critical moment connection and includes existing concrete
weak bond strength. Parameters like lateral load capacity, strength–stiffness
degradation during loading unloading and energy dissipation capacity of the
numerical model matched with the experimental results. In addition, pinching
behavior in both frames is well predicted by numerical model. Experimental and
numerical results match each other. For example, difference in peak lateral load
capacity of RS-1 specimen is 0.3%, while RS-2 specimen shows 1.4%. In case of
energy dissipation, numerical model predicted much close values to experimental
energy dissipation values and over all numerical energy curve is almost same as the
experimental. These results indicate that Opensees software platform has the
capability of modeling various effects including pinching, tensile strength of con-
crete, and bar slip model.
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Flexural Behaviour of Severely
Damaged RC Beams Strengthened
with Ultra-High Strength Concrete

A. Ramachandra Murthy, P. Ganesh and G. N. Sakthi Priya

Abstract RC structures are severely damaged and deteriorated due to various
reasons, and it is essential to strengthen it to satisfy the capacity and service
conditions. In order to achieve this, an appropriate strengthening technique has been
arrived at in the present study for the severely damaged RC beams. In this study,
RC beams of size 1500 mm (length) � 100 mm (wide) � 200 mm (depth) were cast
with M30 grade concrete by providing 2–10 mm dia reinforcement at bottom and
2–8 mm dia at top. The beams were tested under displacement control till failure
(control beams) with an ultimate load of about 78 kN and deflection about 27 mm.
Later, two beams were preloaded to beyond ultimate load (deflection is about
8 mm) to introduce severe damage. The preloaded beams were strengthened with
ultra-high strength concrete (UHSC) strips of 10 mm thickness on the tension face
and tested under displacement control and found that responses such as the strength
and ductility of the strengthened RC beams are comparable with the control beams.
The average ultimate load and maximum deflection of strengthened beams are
found to be 93 kN and 23 mm, respectively, indicating that UHSC is one of the
promising materials for repair and retrofitting. Further, no debonding/delamination
is observed during testing.
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1 Introduction

In recent years, many reinforced concrete (RC) structures are suffering from various
deteriorations such as cracks, concrete spalling and large deflection due to which
there is reduction in strength and stiffness. The deteriorations are due to unexpected
loading, ageing, environment and corrosion of steel reinforcement, etc.
Strengthening of existing concrete structures is necessary to enhance the load
carrying capacity and satisfy serviceability criteria. Rehabilitation and strengthen-
ing has therefore become an acceptable way of improving their load carrying
capacity and extending their service life. One of the major challenges in the ret-
rofitting operation is the selection of an appropriate retrofitting material. The
popularly employed methods for retrofitting are jacketing, post-tensioning, bonded
steel plates and fibre-reinforced plastic [1, 2].

Retrofitting of RC structural members by using externally bonded steel plates
has gained popularity due to (i) fast and easy implementation, (ii) minimum site
disturbance and (iii) minimal changes in section size. The limitations of this method
include (i) undesirable shear failures, (ii) difficulty in handling heavy steel plates,
(iii) corrosion of the steel and (iv) the need for butt joint systems as a result of
limited workable lengths. The other popularly employed material for retrofitting is
FRP. Several extensive studies were carried out in the last few decades on
FRP-based strengthening of the RC structures in the form of externally bonded
laminates or near-surface mounted rebar. Some of the merits of the FRP material
include (i) high strength-to-weight ratio, (ii) stiffness-to-weight ratio and
(iii) chemically inert. These merits boosted the growing interests among conven-
tional techniques like steel plates and external pre-stressing. In turn, FRP
strengthening has been recognized as an effective solution and gained widespread
popularity to enhance structural capacity [3, 4]. However, some drawbacks asso-
ciated with FRP such as abrupt failure, lesser ductility, high material cost, skilled
manpower, emission of toxic fumes, moisture incompatibility and difficultly in
application in low temperature knocked researchers to think beyond. The experi-
mental observations made on FRP were revealed a loss of ductility due to the linear
elasticity made up to tensile rupture.

The limitation of this technique is brittle failure due to mismatch of tensile
strength and stiffness with that of concrete. The drawbacks of the above methods
have led to the development of a fibre-reinforced ultra-high strength concrete
(UHSC) with high mechanical and durability properties making suitable choice for
retrofitting. UHSC is a novel cementitious material consisting of a dense,
high-strength matrix containing a large number of evenly embedded steel fibres. It
has exceptional mechanical properties and transport characteristics including very
high tensile strength, strain hardening, ductility combined with very low perme-
ability making it ideal for the production of thin structural members as well as for
the rehabilitation and modification of existing structures [5–8].

Due to enhanced mechanical and excellent durability-related properties of
UHSC, it can compete with steel structural members in terms of size, properties and
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cost. The ultra-high strength is achieved by optimizing the microstructure of the
cement-based composites by an appropriate selection of materials and the use of
special process technology such as self-compaction, extrusion, spray/concreting as
well as the modification of micromechanical properties [9]. Hence, UHSC has been
identified as a promising candidate for repair and retrofitting of RC structures as it
possesses excellent bond with normal concrete, i.e. the interface between the new
concrete (UHSC) and the old concrete substrate is effectively bonded which reduce
distresses like debonding happens in other types of materials used for retrofitting.

In this present study, the severely pre-damaged RC beams were strengthened by
the ultra-high strength concrete (UHSC) overlay and tested up to failure. The details
of failure modes, crack patterns, effect of retrofitting scheme are presented.

2 Materials and Experimental Program

2.1 Materials and Properties

Materials used for producing UHSC generally consist of very fine powder com-
prises cement, sand, quartz powder, silica fume, steel fibres (optional) and super-
plasticizer [10]. In the present study, cementitious material used is ordinary
Portland cement (OPC) conforming to IS 12269 (2013) standard. The chemical and
physical properties of the cement are shown in Table 1. In addition, supplementary
cementitious materials (SCM), silica fume is used as an additive. A maximum
silicon dioxide (SiO2) content is the property most frequently specified. According
to that silica fume is used as powder form with 95% SiO2 with a particle size range
of 0.2–25 µm.

By the addition of SCM with less water-to-cement ratio, a demand for flow
ability or workability is increased due to larger specific surface area. Hence,
superplasticizer (SP) is used to decrease the water demand while improving the
workability of concrete. A polycarboxylate-ether-based superplasticiser manufac-
tured by BASF (Master Glenium Sky 8233) is used for all mixes. The SP content is

Table 1 Chemical and
physical properties of OPC

SiO2 5.80

Al2O3 3.30

CaO 64.10

MgO 1.75

K2O 0.75

SO3 1.80

Na2O 0.20

Cl− 0.03

Specific gravity 3.15

SSA (m2/g) 0.32
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adjusted for each mix to ensure that no segregation would occur. Brass-coated steel
fibres of length 13 mm and diameter 0.18 mm having yield strength about
1500 MPa are used. Similarly, materials used for producing conventional concrete
are ordinary Portland cement 53 grade, natural sand and gravels with aggregate size
below 12 mm and potable water.

2.2 Mix Proportion

In the absence of well-established comprehensive methods for the mix design of
UHSC, mixes are arrived at based on several trials to get the desired strength.
Information on UHSC regarding mix design to obtain the required target strength is
scarce in the literature. Therefore, several trials were made before the final mix
design. The ingredients of final mix proportion of UHSC include cement, silica
fume, quartz sand, quartz powder, superplasticizer and water that are given in
Table 2. Mix design has been carried out for normal strength concrete (M30 grade)
as per Bureau of Indian Standards (BIS) [11]. The mix ratio of normal strength
concrete (NSC) by weight of cement, fine aggregate, coarse aggregate and water is
1: 1.67: 1.86: 0.45, and the mix proportions are given in Table 2.

2.3 Test Program

Experiments were conducted on severely damaged RC beams retrofitted with
UHSC overlay over the bottom phase of the beam which is damaged under flexure.
Two-point monotonic loading was considered to evaluate mid-span deflection,
crack pattern of the tested RC beam, flexural capacity and flexural stiffness. Also

Table 2 Mix proportion for
UHSC

Mix ID/mix ingredients NSC UHSC

Water/cement ratio 0.45 0.23

Cement (Kg/m3) 442 839

Fine aggregate (Kg/m3) 738 –

Coarse aggregate (Kg/m3) 822 –

Silica fume (Kg/m3) – 210

Quartz sand (Kg/m3) – 923

Quartz powder (Kg/m3) – 336

Water (Kg/m3) 199 193

Superplasticizera – 3.5%

Steel fibreb – 2%
a% weight of binder content in mix
b% volume of concrete
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the mechanical properties like compressive strength and split tensile strength were
determined on cubical specimen of size 100 mm and cylindrical specimen of size
150 mm � 300 mm, respectively, for NSC. Similarly, the mechanical properties
like compression strength and split tensile strength were determined on cubical
specimen of size 70.7 mm and cylindrical specimen of size 75 mm � 150 mm,
respectively, for UHSC mix.

The dimension of the RC beam is 1500 mm (length), 200 mm (depth) and
100 mm (breadth). The thickness of the UHSC overlay used for retrofitting is
10 mm. The typical reinforcement of all RC beams was 2–10 mm diameter bars in
tension, 2–8 mm diameter bars at compression and 2-legged stirrups of 6 mm
diameter bars as shear reinforcement at 100 mm c/c spacing. Sufficient margin of
cover to main reinforcement was ensured.

All the three beams were simply supported over an effective span of 1200 mm
and tested under four-point bending, as shown in Fig. 1. The load was applied using
a servo-controlled hydraulic actuator (400 kN capacity) with a loading rate of
0.5 mm/min for control specimen and 1.0 mm/min for all strengthened beams.
Control beam was tested under displacement control till failure to evaluate the
ultimate load carrying capacity. The linear varying displacement transducers
(LVDTs) are used to measure the vertical displacement at mid-span. Later, two
beams were preloaded to beyond ultimate load to introduce severe damage. The
preloaded beams were strengthened with UHSC strips of 10 mm thickness on the
tension face.

3 Results and Discussion

3.1 Control Beam (CB)

The average compressive strength and split tensile strength for NSC are obtained as
35 and 3.2 MPa, respectively. Control beam was tested to failure by displacement
control test with a loading rate of 0.5 mm/min. When the tensile stress of RC beam
exceeds the modulus of rupture, few cracks were occurred inside of CB and it was
visible for the corresponding load of 32.6 kN. Because of loading, cracks were
multiplied at flexure and shear zones and extended to top of the section. Figure 2
shows the test set-up at laboratory, and Fig. 3 presents the crack details.

1200
1500

400400 400

6mmØ @100mmc/c 6mmØ @100mmc/c

P/2 P/2
A

A

Fig. 1 A typical
reinforcement details of RC
beam
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From Fig. 3, it can be observed that CB reveals linear behaviour of load–
deflection response till the specimen had reached the first crack load afterwards
steel started yielding at the load of 75.67 kN. Successively the deflection increased
with respect to load by ductile property of RC section. Finally, the specimen
sustained an ultimate load of 78.54 kN and failed in flexure following by concrete
crushing at dropping load of 68 kN with gradually increased deflection almost
28 mm.

3.2 Retrofitted Beam 1 (RS1)

The average compressive strength and split tensile strength of the retrofitting
material (UHSC) are obtained as 122.5 and 20.7 MPa, respectively. Beam was
loaded under four-point bending beyond the peak load to induce severe damage.
Beam was loaded about 81 kN with deflection of 8 mm. In the beginning of loading
process, microcracks developed nearby the mid-span and on further loading, and
cracks were propagated to the compression zone to the maximum depth of 175 mm
(Fig. 4). Figure 5 presents the comparison of load–deflection behaviour of severely
pre-damaged beam (S1), strengthened beam (RS1) and control beam CB.
Retrofitted beam exhibits linear response of load–deflection up to 90.95 kN. With
increasing load, steel yielding taken place. Beyond yielding load, it is clear that
retrofitted beam exhibited more stiffness than the control beam.

Fig. 2 Test set-up

Fig. 3 Typical crack pattern
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UHSC strip which was attached to the tensile face acted as barrier for the
pre-cracks to grow up to the load of 46.8 kN and then few flexural as well as shear
cracks also emerged in beam and strip. After the load of 92.5 kN, the pre-cracks
activated to propagate to crack depth of 180 mm. Upon application of further load,
RS1 subjected to strain hardening in plastic region with the maximum load of
93.35 kN which is 19% increment of load carrying capacity of control beam CB.
Consequently, UHSC strip experienced rupture nearby the mid-span corresponding
to post peak load of 91 kN. As observed, the maximum width of widened crack is
around 3 mm only; it is the lower value corresponding to the enhanced load car-
rying capacity and considerably reduced the deflection of about 20% than control
beam. As result of retrofitting, it is certain that 10-mm-thick overlay is significant in
load carrying capacity as well as ductile behaviour. The failure modes of
strengthened beams are typical flexural failure, and there is no debonding or
delamination of strip from the severely damaged RC beam substrate proves the
excellent interfacial bonding behaviour of composite RC beams.

3.3 Retrofitter Beam 2 (RS2)

Same as RC beam S1, S2 was damaged severely beyond the ultimate load of
control beam of about 81.65kN with corresponding deflection of 9.2 mm. The

Fig. 4 Crack pattern of
beams B1
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multiple cracks appeared on the beam, and these cracks propagated to the com-
pression zone due to gradual loading. After damaged, RC beam S2 was strength-
ened with UHSC overlay and loaded till full failure as control beam. Retrofitted
beam RS2 exhibited linear response of load–deflection up to 90.16 kN and steel
continued to yield. UHSC overlay restricted the appearance of new cracks on beam,
but existing cracks started to propagate and widen. Few cracks appeared at shear
zone of beam and overlay also. Due to continuous loading, the overlay experienced
rupture in the constant bending zone at the maximum load of 90.78 kN (Fig. 6)
with the corresponding deflection of 16.2 mm. From Fig. 7, it is found that retro-
fitted beam RS2 could not enhance the stiffness as that of control beam due to high
magnitude of damage. However, retrofitted beam maintains the stiffness similar to
pre-damaged RC beam and control beam. Retrofitted beam enhances the load
carrying capacity of 16%.

4 Conclusion

An experimental investigation of severely damaged RC beams strengthened and
rehabilitated using UHSC overlay was carried out, and the following conclusion is
made.

Fig. 6 Rupture in overlay
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• The load–deflection behaviour of the severely damaged beam retrofitted with
UHSC overlay can effectively increase the first crack load, yield load and
ultimate flexural capacity of the beam.

• The ultimate load carrying capacity of the beam is enhanced by 19% for RS1
and 16% for RS2.

• There is no significant improvement in stiffness behaviour; these may be due the
severe extent of damage induced.

• The failure modes of strengthened beams are typical flexural failure, and there is
no debonding/delamination of overlay from the old concrete substrate proves the
excellent interfacial bonding behaviour of composite RC beams.
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Performance of RC Columns
Strengthened with Prestressed
CFRP Bands

Ambadas Waghmare, Daniel Koothoor, Dhruv Shah, Kinal Bid,
Raghav Agarwal, Rahul Ghadwal, Snehal Sonawane, Viraj Sanghvi
and Abhay Bambole

Abstract This paper investigates the comparison of external passive and active
confinement to restore the strength, ductility, and durability of affected RC columns
to an acceptance level using carbon fiber reinforced polymer (CFRP) bands.
The experimental program included compression load testing of square and
circular-shaped reinforced concrete columns to establish the effect of the confine-
ment on the compressive load-carrying capacity and the stress–strain behavior.
A number of parameters are investigated in the study including the effect of varying
the band spacing, confining pattern, and passive and active confining forces. It has
been found analytically that confining the columns with prestressed CFRP bands
did optimize the load-carrying capacity economically. It also enhanced the confined
column’s stress–strain behavior with greater lateral stresses at peak strength
observed as well as the ductile property.

Keywords RC columns � Prestressed � Confinement � CFRP � Strength

1 General Information

1.1 Introduction

Many times it is observed that concrete structures reach a state where they can no
longer perform their intended function of withstanding the load acting on them safely.
This problem can arise due to deterioration of the structure due to environmental
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effects, which leads to loss of strength. The structure may have to carry loads larger
than that considered in design due to change of usage demand or revision of code
requirements. Also, sometimes structures fail to resist the loads due to deficiency in
construction or design. In some extreme cases, the performance of structure may be
reduced due to accident or vandalism. Demolition or rebuilding of the structure is not
an economically viable option. Hence, there is need for strengthening or retrofitting of
the structure.

The various options available for strengthening columns are externally bonded
steel plates, steel or concrete jackets, external post-tensioning and use of composite
material. But bonding of steel plates to concrete surface is not desirable due to
heavy weight, difficulty to shape to fit complex profile like circular and arc shape
the possibility of corrosion that may adversely affect bond strength. FRP sheets are
convenient than steel plates because of high strength to weight ratio, resistance to
corrosion effect, good mechanical strength.

The efficient way of enhancing the load-carrying capacity and/or ductility of RC
column is by confining the concrete. The lateral pressure due to dilation of concrete
induces triaxial state of stress and consequently causes increment in compressive
strength and ultimate strain (Fig. 1; Table 1).

Fig. 1 Stress–strain diagram
for different fibers

Table 1 Comparison of
typical properties of different
fibers

Property Material

GFRP CFRP AFRP

Tensile strength
(MPa)

517–1207 1200–2410 1200–2068

Yield strength
(MPa)

N/A N/A N/A

Elastic modulus
(GPa)

30–55 147–165 50–74

Specific gravity 1.5–2.0 1.5–1.6 1.25
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1.2 Advantages of Prestressing Over Confinement

• CFRP sheets increase the bearing capacity and overall performance of the
structure, but today, only 20–30% of the strength of carbon fiber reinforced
polymer is used.

• There exists FRP strain hysteresis, and much lower fracture strain of FRP than
of fiber material, and it is very hard to control quality of on-site construction.

• Prestressing FRP is an effective method to reduce the impact of the FRP con-
finement concrete strain hysteresis.

• Since prestressing of column is done using FRP bands, the pitch can be varied
which ultimately saves significant quantity of FRP material without compro-
mising the load-bearing capacity obtained by fully confined column.

• Other advantages are reduced crack widths, reduced deflection, and reduced
stress in internal steel and increase-bearing capacity.

2 Analytical Studies

2.1 Controlled Specimens

Identical columns without confinement were analyzed along with the test samples
to evaluate the improvement of the mechanical properties.

From IS 456: 2000 [1], axial compressive force can be given by

Pu ¼ 0:4 fckAc þ 0:67 fyAsc

Pu ¼ 52:5 Tonne

2.2 Wrapped Specimens

Confinement by FRP wraps is achieved by placing fibers transverse to the longi-
tudinal axis of the column providing passive confinement, which is activated when
concrete core starts dilating due to Poisson’s effect. The confinement of circular
column is more efficient than confinement of non-circular column because cir-
cumferential pressure acts radially outwards and is uniform in case of circular
column. In case of confinement of non-circular columns, the confinement is con-
centrated at the corners rather than over entire perimeter (Fig. 2).

Performance of RC Columns Strengthened … 711



From ACI 440.2R 2008 [2],

fl ¼ 2Ef ntf efe
D

f 0cc ¼ f 0ck þ 3:3wfjafl

Substituting f
0
cc as fck in Pu ¼ 0:4 fckAc þ 0:67 fyAsc, we get

Pu ¼ 0:4 f 0ccAc þ 0:67 fyAsc

Pu ¼ 61:25 Tonne

Percentage increase in strength = 16.67%

3 Experimental Studies

All RC columns were tested in reaction frame of 400-ton capacity. The test setup
consisted of a reaction frame, hydraulic jack, load cells, four Linear Potentiometers,
data acquisition system, and steel plate for packing as per the requirement (Figs. 3,
4, and 5; Table 2).

Fig. 2 Effect of FRP
confinement on circular and
non-circular cross sections
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Fig. 3 Failure of unwrapped
and wrapped columns,
respectively (250 � 200,
1400)

Fig. 4 Stress–strain diagram
for unwrapped specimen from
strain gauges

Fig. 5 Stress–strain diagram
for unwrapped specimen
from LPs
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4 Proposed Analytical Approach of Columns
with CFRP Bands

4.1 Non Prestressed Bands Pattern

4.1.1 Horizontal Bands

Higher the pitch, lower is the effective confining pressure. The correction that needs
to be incorporated is given by

fl ¼ a� 2Ef ntf efe
d

Pu ¼ 0:4 ðfckAc þ 3:3wfjaflA
0
cÞ þ 0:67fyAsc

where
** a is the correction factor
** d is equivalent effective diameter
** A0

c is equivalent effective cross-sectional area of core

a / Confined area
Total surface area

**This has been discussed in the following article (Figs. 6 and 7).

4.1.2 Single- and Double-Helical Bands

As we know that helical stirrups contribute to 5% increase in the shear capacity
compared to that of horizontal stirrups, consequently, we expect approximately
5 and 10% increase in the load-bearing capacity of cylindrical column due to
single-helical and double-helical CFRP bands, respectively.

For single-helical band pattern,

Table 2 Experimental results

Specimen Corresponding
strain

Average
maximum load
(Tonne)

Average
maximum
stress (MPa)

%
Increase
in LCC

UR-200X250-1200 0.00210 135.79 27.28 33.26

WR-200X250-1200 0.00431 180.95 36.41

UR-200X250-1400 0.00172 129.34 25.99 38.47

WR-200X250-1400 0.00368 179.10 35.98
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fl ¼ 1:05 a� 2Ef ntf efe
d

For single-helical band pattern (Fig. 8),

fl ¼ 1:1 a� 2Ef ntf efe
d

4.2 Externally Prestressed Columns with CFRP Band

The effect of external prestressing using CFRP horizontal bands has been studied
analytically, and an empirical formula has been suggested which needs to be
authenticated by experimental results. This study has been done to evaluate the
optimization of confinement to achieve economy.

Fig. 6 Stress–strain diagram
for wrapped specimen from
strain gauges

Fig. 7 Stress–strain diagram
for wrapped specimen
from LPs
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4.2.1 Tension Device Design

The tension device consists of two parts: the hoops and the tension system. The hoops
have sufficient strength and stiffness to withstand the deformation and stress. The
device’s working principle is as follows: one end of the prestressing CFRP is pasted
on one side of the column with epoxy resin, which makes the pasted length satisfy the
tension force. The hoops are then fixed on both the sides of CFRP. Pull the screw
through the floor and pressure sensor after connection of screw and steel roller. Put
the CFRP around the column in a circle and the other end of CFRP around the steel
roller and paste a certain length. Then, the CFRP is tensioned after the epoxy resin
dries. The screw nut is tightened by wrench, and the CFRP is fastened by screw. In
order to measure the tension in CFRP, the tensile stress is monitored by sensor. This
prestressing method has been adopted from [3] (Fig. 9).

The effective area for this technique in non-circular section is as shown above [4].
Equivalent confining pressure is given by

f l ¼
brH1 þ crH2ð Þ � 2ntf

d

Pu ¼ 0:4 ðfckAc þ 3:3wfjaflA
0
cÞ þ 0:67fyAsc

where
** d is equivalent effective diameter
** A0

c is equivalent effective cross-sectional area of core

Fig. 8 Cylindrical columns
with double- and
single-helical CFRP bands,
respectively
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rH1 is hoop stress because of confinement

rH2 is hoop stress because of prestressing

� � b and! are the correction factors for rH1 and rH2, respectively
**This has been discussed in the following article.

4.3 Theory Behind Load-Carrying Capacity of FRP-Banded
Columns

The effective-confined area of partially FRP-wrapped column can be calculated by
considering an equivalent area of fully confined column by virtue of stress distri-
bution as shown below.

Consider,
width of band = w

Fig. 9 Prestressed CFRP
bands for circular and
rectangular cross section

Performance of RC Columns Strengthened … 717



pitch = s
Assuming ideal condition,
therefore, d = D−s (Fig. 10)

a / W
Wþ S

; b / W
Wþ S

; c / W
Wþ S

This theoretical formulation needs to be verified using experimental results
(Fig. 11).

4.4 Experimental Variable Specifications

See Table 3.

5 Analytical Results

See Tables 4 and 5.

Fig. 10 Representation of
equivalent effective area
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Fig. 11 Typical axial load
compressive strain curves of
confined columns [5]

Table 3 Variable
specifications

Property Value Unit

Cross section

Square Side 270 mm

Height 1630 mm

Circular Side 300 mm

Height 1800 mm

Material

Concrete Grade 20 N/mm2

Steel Grade 415 N/mm2

CFRP Width 50 mm

Pitch 50 mm

Prestress 600–950 N/mm2

*Angle for single-helical band = 10°–20°
Angle for single-helical band = 10°–30°

Table 4 For circular section Description Value (tonne)

Controlled specimen 82.36

Fully wrapped specimen 112.68

Partially wrapped specimen 95

Externally prestressed specimen 107.3
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6 Conclusion

1. Significant increase in structural strength for all the wrapped specimens tested
was observed along with significant enhancement in ductility of test specimens.

2. The improvement in load-bearing capacity is more in case of circular section as
compared to that of non-circular section.

3. Application of bands is relatively easier on columns. Moreover, the material
quantity is expected to reduce by 50% without compromising the strength
significantly, as provided by fully wrapped CFRP. Thus, this predicted feature
of bands may prove to be of great utility in civil and structural engineering.

4. Prestressing of column using CFRP bands leads to optimization of the fiber used
by exploiting the ultimate strength of the CFRP.

5. By initially prestressing the bands, the passive confinement is converted into
active confinement thus generating higher confining pressure and greater
increase in strength.

6. As the pitch decreases, it leads to higher confining pressures and peak com-
pressive stresses.

7. By externally prestressing columns, the stiffness of the element as compared to
controlled and wrapped specimens is predicted to increase.
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Static Response of Thin-Walled
CNT-Reinforced-Laminated Composite
Box Beam

Tushar Sharma, V. Murari and K. K. Shukla

Abstract The paper presents the static response of CNT-reinforced thin-
walled-laminated composite box beam. The elastic properties of CNT-reinforced
three-phase composite are predicted by Halpin–Tsai model and micromechanics
approach. Governing equations are derived using CLT and minimum total potential
energy principle. Using finite element method, results are obtained for cantilever
thin-walled box beam under axial loading. Effect of CNT reinforcement on axial
displacement and twist angle for different CNT aspect ratio and laminated stacking
sequence are studied.

Keywords Thin-walled composite beam � CNT-reinforced � FE method

1 Introduction

Thin-walled laminated composite box beam is one of the important structural
element being used extensively in aerospace and other engineering structures such
as helicopter rotor blades, wind turbine blades, aircraft wings and thus stimulating
the interest of researchers working in this area. Vlasov [1] was the first to develop
the theory of thin-walled members made of isotropic materials for open and closed
section beams. Response of the thin-walled composite box beam is highly depen-
dent on the parameters such as stacking sequences, material coupling, structural
coupling, fibre orientation, and arbitrary layups. Previous research focused on
improvement of the static response of thin-walled composite box beam through
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analysing the effects of structural and material parameters, such as pre-twist, taper
section, arbitrary cross section, loading and boundary conditions, orthotropy ratio.
Chandra et al. [2] carried out experimental investigations on symmetric and
antisymmetric laminated composite thin-walled rectangular beams under bending,
torsional as well as extensional loads and observed the effects of structural coupling
on the structural response. Lee et al. [3] analysed flexural–torsional behaviour of
thin-walled composite box beam and explored effects of fibre angle, boundary
conditions, and stacking sequence on different load type. Utilizing finite element
method, Sheikh et al. [4] developed a model which includes all coupling effects
along with shear deformation for thin-walled composite beam having open and
closed cross section. The efficient three-noded beam element is used to analyse
different numerical example under different loading conditions for I, C, and box
sections. Song et. al. [5] analytically studied the effect of pre-twist angle, arbitrary
cross section, material coupling and spinning speed on vibration and stability
response of composite thin-walled beam. Further applying numerical method, Kim
et al. [6] predicted the exact solution for twist angle and fibre stresses in thin-walled
beams on single- and double-celled section when subjected to torsional loading.
Shin et al. [7] focused on the effect of taper on joint structure and on different
height-to-width ratio on static behaviour of tapered thin-walled beam under
out-of-plane loads and twisting moments.

In order to improve the response of thin-walled beams, either we have to
improve structural parameters or improve the material properties it is built off.
Nowadays, aerospace industry and other high-performance engineering structures
preferred CNT-reinforced composite because of its inherent high strength/weight
ratio, in comparison to other reinforced composites. An important study by Qian
et al. [8] reported that with addition of 1 wt% (i.e., 1% by weight), multiwall carbon
nanotubes to polystyrene resulted in 36–42 and 25% increase in the elastic modulus
and the break stress of the nanocomposite properties, respectively. Sharma et al. [9]
evaluated Young’s modulus of SWCNT and MWCNT using finite element simu-
lation. The effect of diameter, length, chirality, and different type of defect on
SWCNT and effect of no. of walls on MWCNT are also studied. Kim et al. [10]
evaluated the elastic properties of CNT-reinforced composite using Halpin–Tsai
model and compared it with the experimental results. Bhardwaj et at. [11] studied
the effect of aspect ratio and CNT % on nonlinear static and dynamic response of
CNT-reinforced-laminated composite plates. Rafiee et al. [12] studied the nonlinear
static and dynamic response of rotating CNT-/fibre-/epoxy-laminated thin-walled
multiscale composite beams and blades. For determining the bulk material prop-
erties of multiscale nanocomposite, Halpin–Tsai equation with fibre microme-
chanics is used. Guru et al. [13] studied the effect of interface thickness and stiffness
on the elastic properties of CNT nanocomposite using molecular mechanics,
molecular dynamics, and FE methods.

In the present study, the effect of CNT % on static response of thin-walled box
beam is investigated. The model is based on CLT, and governing equations are
derived using minimum total potential energy principle. 1D finite element model is
used to investigate the static response of thin-walled box beam. For evaluating the
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properties of two-phase and three-phase CNT-reinforced composite, Halpin–Tsai
model and rule of mixture are used, respectively. Numerical results are obtained for
static analysis of thin-walled box beam under axial loading with effect of different
CNT aspect ratio and laminate stacking sequence.

2 Mathematical Formulation

The coordinate systems for thin-walled closed section are shown in Fig. 1. x- and
y-axes lie in plane of cross section, and z-axis lies parallel to longitudinal axis of the
beam. n- and s-axes are normal and tangent to the middle surface of a plate element,
respectively, and directed along the contour line of the cross section. The above
coordinate systems are related to the angle of rotation h as shown in Fig. 1. Point
P is pole, and axis parallel to z-axis through P is pole axis.

The mid-surface displacement field applied to whole contour is expressed as [3]:

�uðs; zÞ ¼ UðzÞ sin hðsÞ � VðzÞ cos hðsÞ � UðzÞqðsÞ
�vðs; zÞ ¼ UðzÞ cos hðsÞþVðzÞ sin hðsÞþUðzÞrðsÞ
�wðs; zÞ ¼ WðzÞ � U0ðzÞxðsÞ � V 0ðzÞyðsÞ � U0ðzÞxðsÞ

ð1Þ

where U, V, W are the displacements of a point in x, y, and z directions, respec-
tively. The warping function x is expressed as;

xðsÞ ¼
Zs

s0

rðsÞ � FðsÞ
tðsÞ

� �
ds ð2Þ

Fig. 1 Thin-walled closed
section coordinates
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Deformation at any generic point on profile section is represented as u, v, and
w in terms of mid-surface displacement �u, �v, and �w as:

uðs; z; nÞ ¼ �uðs; zÞ

vðs; z; nÞ ¼ �vðs; zÞ � n
@�uðs; zÞ

@s

wðs; z; nÞ ¼ �wðs; zÞ � n
@�uðs; zÞ

@z

ð3Þ

The resulting strains are:

ez ¼ eoz þðxþ n sin hÞjy þðy� n cos hÞjx þðx� nqÞjx
csz ¼ nþ F

2t

� �
jsz

ð4Þ

In order to evaluate elastic properties of CNT-reinforced multiscale composites,
two steps are required. In first step, CNT-reinforced composite (i.e., two-phase
composite) elastic properties are calculated using Halpin–Tsai model. The Halpin–
Tsai equations are a set of empirical relationships that predict composite material
properties which are expressed in terms of the properties of the matrix and rein-
forcing phases together with their proportions and geometry [10]. Perfect bonding
between the matrix and fibre and no interface between CNT and matrix are
assumed.

Thus, the modulus of two-phase CNTR composites is expressed as:

E2�phase ¼ 3
8
� 1þ 2ðlCNT=dCNTÞgLVNT

1� gLVCNT
þ 5

8
� 1þ 2gDVCNT

1� gDVCNT

� �
Ematrix

gL ¼ ðENT
�
EepoxyÞ � ðdNT=4tÞ

ðENT
�
EepoxyÞþ ðlNT=2tÞ

gD ¼ ðENT
�
EepoxyÞ � ðdNT=4tÞ

ðENT
�
EepoxyÞþ ðdNT=2tÞ

ð5Þ

where E, lNT, dNT, VNT, and t represent tensile modulus, length and diameter,
volume fraction of nanotube, and thickness of graphite layer, respectively.

In second step, the mechanical properties of a CNT/matrix/fibre multiscale
composite (i.e., three-phase composite) are predicted using micromechanics
approach. CNT-reinforced composite properties are considered to be as modified
matrix properties which are further reinforced with E-glass fibre in an orthotropic
manner to evaluate three-phase composite properties.

The longitudinal modulus of composite is expressed as:
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E1 ¼ EfVf þEmVm ð6Þ

The transverse modulus of composite is expressed using the Halpin–Tsai rela-
tionship as [10]:

E2

Em
¼ 1þ ngVf

1� gVf
ð7Þ

where

g ¼ ðEf=EmÞ � 1
ðEf=EmÞþ n

ð8Þ

The in-plane shear modulus is determined by using the following relationship:

G12

Gm
¼ 1þ ngVf

1� gVf
ð9Þ

where

g ¼ G12f=Gm � 1
G12f=Gm þ 1

ð10Þ

Here,

Ef, Em Young’s modulus of fibre and matrix.
Vf, Vm Volume fraction of fibre and matrix.
Gf, Gm Shear modulus of fibre and matrix.

Finally, the computed longitudinal modulus (E1), transverse modulus of com-
posite (E2), shear modulus (G12), and volume fraction (m12) as defined above are
used as material properties in studying the response of thin-walled-laminated
composite box beam. The elastic properties computed from three-phase or multi-
phase composite are used to determine ABD matrix for composite which is further
used to determine cross-sectional stiffness [Eij].

The forces and moments can be expressed as:

Nz

My

Mx

Mx

M

8>>>><
>>>>:

9>>>>=
>>>>;

¼

E11 E12 E13 E14 E15

E22 E23 E24 E25

E33 E34 E35

E44 E45

sym: E55

2
66664

3
77775

eoz
jy
jx
jx
jsz

8>>>><
>>>>:

9>>>>=
>>>>;

ð11Þ

where [Eij] is the stiffness of cross section. The explicit form of coefficient of [Eij]
can be found in [3].
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After utilizing above equations and minimum total potential energy principle,
the most general form for flexural and torsional behaviour of CNTR-laminated
composite thin-walled box beam is obtained, and the governing differential equa-
tions are expressed as:

E11W
00 � E12U

000 � E13V
000 � E14U

000 þ 2E15U
00 ¼ 0

E12W
000 � E22U

iv � E23V
iv � E24U

iv þ 2E25U
000 ¼ 0

E13W
000 � E23U

iv � E33V
iv � E34U

iv þ 2E35U
000 þ q ¼ 0

E14W
000 þ 2E15W

00 � E24U
iv � 2E25U

000 � E34V
iv

� 2E35V
000 � E44U

iv þ 4E55U
00 þ t ¼ 0

ð12Þ

FE formulation
One-dimensional displacement-based finite element method is implemented for

describing thin-walled composite beam model, considering combination of inter-
polation function such as 1D Lagrange interpolation function wj and Hermite cubic
interpolation function Wj. Associated with node j and nodal values, the generalized
displacements over each element are expressed as:

W ¼
Xn
i¼1

wjwj

U ¼
Xn
i¼1

ujWj

V ¼
Xn
i¼1

vjWj

U ¼
Xn
j¼1

/jWj

ð13Þ

Substituting Eq. (13) into Eq. (12), the finite element model for a distinctive
element can be written as:

K½ � Df g ¼ ff g ð14Þ

where [K] is the elemental stiffness matrix, {Δ} is the nodal displacement vector,
and {f} is the element force vector.

One-dimensional displacement-based finite element method is implemented for
describing thin-walled composite beam model, considering combination of inter-
polation function such as 1D Lagrange interpolation function and Hermitecubic
interpolation function.
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3 Result and Discussion

In the present study, static analysis of thin-walled CNT-reinforced composite-
laminated box beam is carried out. The Halpin–Tsai model and micromechanics
approach are used for evaluating the elastic properties of two-phase and three-phase
composite, respectively. The properties of carbon nanotubes used in the analysis are
as follows: [11, 13].

ECNT = 866.449 GPa, Ematrix = 4.06 GPa,
Efibre = 69 GPa, Gfibre = 28.29 GPa,
mCNT = mmatrix=0.3, mfibre = 0.22,
l/d = 50

The elastic properties of CNT-reinforced composites are evaluated under varying
volume fraction and aspect ratio of (8, 8) armchair CNT [13]. The effect of CNT %
on the mechanical properties of two-phase and three-phase composite for fixed
aspect ratio (i.e., l/d = 50) is shown in Table 1.

In order to study the effect of CNT % on response of thin-walled composites
beam, a uniform cross-sectional cantilever composite box beam is chosen with axial
loading P as shown in Fig. 2. The effect of CNT % on axial tip displacement and tip
twist angle for [010/4510] stacking sequence is shown in Fig. 3. Very minor changes
are in wtip with increase in CNT %, but steep change can be observed in case of htip.
The variation in axial displacement and twist angle along the length for different
CNT % is shown in Figs. 4 and 5.

Table 1 Effect of CNT % on
elastic properties of
two-phase and three-phase
composite at l/d = 50

CNT % Two-phase Three-phase

E G E1 E2 G12

0 4.06 1.56 56.01 24.05 9.45

0.5 4.64 1.79 56.13 26.23 10.32

1 5.23 2.01 56.25 28.23 11.13

1.5 5.83 2.24 56.37 30.08 11.88

2 6.43 2.47 56.49 31.79 12.57

Fig. 2 Cantilever composite
box beam under axial load
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The effect of CNT aspect ratio (l/d) along with CNT % (mCNT) on response of
thin-walled beam is shown in Table 2. It can be observed that as the l/d ratio
increases wtip and htip decreases with increase in CNT %. The effect of CNT % on
wtip and htip for different stacking sequence is shown in Table 3.

where

Ply1 = [010/4510],
Ply2 = [010/9010],
Ply3 = [4510/−4510],
Ply4 = [(45/−45)5/010],
Ply5 = [(45/−45)2/(0/0)6/(45/−45)2].

It can be observed that wtip and htip vary for different stacking sequence and for
each stacking sequence wtip and htip decrease as mCNT increases.

4 Conclusions

The static response of CNT-reinforced thin-walled laminated composite box beam
is obtained using finite element method. Two-phase and three-phase elastic prop-
erties of CNT-reinforced composite are evaluated using Halpin–Tsai model and rule
of mixture approach, respectively. For constant l/d ratio, elastic properties of
two-phase composite increase about 58% with increase in CNT %, whereas for
three-phase CNT-reinforced composite, significant increase of nearly 32% with
increase in CNT % is observed in E2 and G2. Axial displacement and twist angle of
box beam decrease with increase in CNT % along the length. Tip axial displace-
ment wtip and tip twisting angle htip decrease by 18 and 66%, respectively, with
increase in CNT aspect ratio (l/d) along with CNT %. And similar change is
observed with different stacking sequence.
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Dynamic Buckling of Laminated
Composite Curved Panels Subjected
to In-plane Compression

V. Keshav and S. N. Patel

Abstract This paper deals with dynamic buckling of laminated composite curved
panels subjected to in-plane dynamic compressive loads. Results from the available
literature are used to validate the static buckling load of curved panels, and the
dynamic buckling loads of the same panel are predicted using finite element soft-
ware ABAQUS/Explicit. Volmir’s criterion is used to find the dynamic buckling
load. Dynamic load of various magnitudes in the form of pulse load is applied on
the panel for various duration. The effect of aspect ratio and radius of curvature are
studied. It is observed that smaller loads require longer duration of loading and vice
versa for dynamic buckling to occur. The dynamic buckling load is observed to be
lesser than static buckling load for longer duration of loading which is an important
aspect to be considered in designing.

Keywords Curved panels � Laminated composite panels � Dynamic buckling
Axial compression

1 Introduction

Lightweight composite materials are well established in aerospace sector, water
transportation, manufacture of high-end cars, bioengineering, composite bridges to
name a few. These materials owing to their high strength/stiffness to weight ratio
are also being used in repair and rehabilitation works in civil engineering field. The
stability of these structures is one of the important parameters to be considered
while designing these structures. Bucking phenomenon is critical since it not only
affects a particular structural component, but also its neighbouring components as
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well. Investigation of the whole structure is time-consuming, and hence, small
structural components are studied simulating the actual phenomenon. Laminated
composite curved panels which are one of the major shell structural components
made up of composite materials are studied in this paper. The study is focused on
nonlinear dynamic buckling of laminated composite curved panels.

It is noted that the dynamic buckling analysis is carried out for thin-walled plate
structures which are subjected to compressive loads by Kubiak [1]. The laminated
composite curved panels are subjected to in-plane dynamic compressive loads in
many instances. The pulse loads can be characterised as sinusoidal, triangular,
rectangular, exponential, etc. The current study is restricted to rectangular loads.
Linearised equations for anisotropic, laminated, and sandwich cylindrical shell
panels are proposed by Sciuva and Carrera [2]. These cylindrical panels are sub-
jected to normal and uniform shear forces. Analytical and finite element displace-
ment approaches are used to develop approximate solution for elastic stability. The
dynamic buckling behaviour of thermo-viscoplastic circular shells is studied by Wei
et al. [3]. The analysis is carried out both analytically as well as using finite element
method. The authors have developed algebraic equations for maximum initial
growth rate for small disturbance. Finite element method is used to study the effect
of initial imperfections in cylindrical shells which are subjected to low-velocity
impacts. Rahman et al. [4] have developed a finite element method for
imperfection-sensitive shell structures in order to implement a reduction method for
dynamic buckling. The approach is based on Budiansky’s approach by incorpo-
rating inertial forces. The dynamic buckling of stiffened composite cylindrical
shells is studied by Patel et al. [5]. The analysis is carried out using finite element
software—ABAQUS/Explicit. The model generated is validated using experimental
results of collapse test, and the dynamic buckling analysis is carried out.
Priyadarsini et al. [6] investigated the experimental and numerical aspects of
dynamic buckling of advanced fibre composite cylindrical shells which are sub-
jected to axial compression. Significant work is taken up by Jensen [7] in the study
of parametric excitation, where the pulsating loads act on the structures [8]. Some
dynamic buckling criteria available in the literature are Volmir’s criterion,
Budiansky–Hutchinson criterion, Ari-Gur and Simonetta’s criterion, Petry–
Fahlbusch criterion [1]. In the current study, Volmir’s criterion is used to calculate
the dynamic buckling loads. According to this criterion, the critical deflection value
is assumed to be equal to the thickness of plate.

2 Theory and Formulation

The nonlinear dynamic equilibrium equation solved by ABAQUS/Explicit is given
in Eq. (1).

736 V. Keshav and S. N. Patel



M½ � €uf gþ C½ � _uf gþ K uf gð Þ½ � uf g ¼ F tð Þf g ð1Þ

where [M] is the mass matrix, [C] the damping matrix, [K] the stiffness matrix, which
depends on the deformations due to the geometric nonlinearity, {u} the nodal dis-
placement vector, _uf g the nodal velocity vector, €uf g the nodal acceleration vector,
and {F(t)} the load vector. In the current study, the damping effect is not considered.
The nonlinear dynamic equilibrium equation solved is shown in Eq. (2).

M½ � €uf gþ K uf gð Þ½ � uf g ¼ F tð Þf g ð2Þ

3 Results and Discussion

The convergence and validation study is carried out using some of the results
reported in the literature. Then, the current problem is then discussed.

3.1 Validation and Convergence

Non-dimensional buckling load is evaluated for a square planed, simply supported,
uniformly loaded symmetric cross-ply panel (0°/90°/0°/90°/0°) as shown in Fig. 1.
The support conditions are shown in Fig. 2. The material properties and other
parameters are taken as: a/b = 1, R/a = 20, a/h = 100, E11 = 40E22,
G12 = G13 = 0.5E22, G23 = 0.6E22, and m12 = 0.25. The non-dimensional buckling
load is calculated as, Pcr = Pcrb

2/E22h
3. Table 1 shows the non-dimensional static

buckling load for the curved panel along with finite element analysis results pre-
sented by Sciuva and Carrera [2] and Patel et al. [8].

The buckling analysis is performed by taking different mesh sizes of the panel.
The results with 40 � 40 mesh size match well with the results of Sciuva and
Carrera [2] and Patel et al. [8] as shown in Table 1. The same mesh size is taken of
dynamic buckling analysis.

3.2 Dynamic Buckling

After the static buckling study, the dynamic buckling analysis is carried out for the
same panel used for validation. The pulse loads are the loads having a finite
duration. These loads can be a trigonometric, exponential, triangular, etc., func-
tions. In the current study, only rectangular loads are taken into consideration.
Figure 3 shows the rectangular loading function taken into consideration for this
study. For a particular loading duration, the magnitude of loads is varied and the
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Fig. 1 Geometry of panel with uniform loading

Fig. 2 Model showing the support conditions

Table 1 Non-dimensional static buckling load

Analysis Mesh size Non-dimensional buckling load

Present 40 � 40 36.4875

Sciuva and Carrera [2] 5 � 5 36.86

Patel et al. [7] 8 � 8 36.8452
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response is observed. In order to perform dynamic analysis, the material properties
presented by Priyadarsini et al. [6] are used. E22 = 9250 MPa and den-
sity = 1700 kg/m3. The value of E22 is substituted in the ratios used for the vali-
dation study. Table 2 shows the predicted nonlinear dynamic buckling loads.

Figure 4a–e shows the axial displacement vs time plots for calculating the
dynamic buckling load for a loading duration of 0.055 � 10−3 s. For various
magnitudes of loads, axial displacement responses are observed. The loads are
applied for 0.055 � 10−3 s, and the responses are observed till 0.5 s. The target
axial displacement is set in accordance with Volmir’s criterion as the value of
thickness = 1 cm, as prescribed by Kubiak [1]. The load which gives a displace-
ment equal to or almost reaches the target value is the dynamic buckling load
according to Volmir’s criterion.

It is observed from Table 2 that in very short duration (0.055 ms), the dynamic
buckling load is higher than static buckling load. However, as the loading duration
is increased, the dynamic buckling load starts decreasing.

3.2.1 Effect of Aspect Ratio

The effect of aspect ratio is studied on laminated composite curved panel in this
section. The ratio b/a is increased keeping a constant and nonlinear dynamic
buckling loads are calculated. The pulse loads are applied for various duration.
Tables 3, 4, 5, 6, 7, and 8 show the dynamic buckling loads for laminated com-
posite curved panels with different aspect ratios and various loading duration.

Fig. 3 Rectangular pulse
load

Table 2 Dynamic buckling loads for laminated composite curved panel

Load (kN/m) Duration of application(�10−3 s) Displacement (cm)

40 0.055 1.102

27 0.1 1.047

20 1 1.156

2.08 10 1.050
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Figure 5 shows the effect of aspect ratio on the nonlinear dynamic buckling load
of laminated curved panel. It is observed that as the loading duration is increased,
the variation of dynamic buckling load is not appreciable. Although for very short
durations, 0.1 ms and 1 ms, there is an initial increase in dynamic buckling load,
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Fig. 4 a Axial displacement versus time plot of loading duration of 0.055 � 10−3 s. b Axial
displacement versus time plot of loading duration of 0.055 � 10−3 s. c Axial displacement versus
time plot of loading duration of 0.055 � 10−3 s. d Axial displacement versus time plot of loading
duration of 0.055 � 10−3 s. e Axial displacement versus time plot of loading duration of
0.055 � 10−3 s
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which gradually dissipates as the aspect ratio is increased. Figure 6 shows the
deformed shape of the laminated composite curved panel with aspect ratio 2 at point
of loading and deformation scale factor = 5.

Table 3 Dynamic buckling
load for 0.1 � 10−3 s

b/a Load (kN/m) Displacement (cm)

1 27 1.0479

1.5 47 1.09597

2 27.5 1.04913

2.5 38 1.09774

5 30 1.02507

Table 4 Dynamic buckling
load for 1 � 10−3 s

b/a Load (kN/m) Displacement (cm)

1 20 1.15627

1.5 31.5 1.116

2 12 1.04005

2.5 8.5 1.02355

5 4.8 1.05048

Table 5 Dynamic buckling
load for 2.5 � 10−3 s

b/a Load (kN/m) Displacement (cm)

1 10.5 1.1011

1.5 9.5 1.05675

2 9.9 1.11087

2.5 7.5 1.06839

5 5.25 1.00174

Table 6 Dynamic buckling
load for 5 � 10−3 s

b/a Load (kN/m) Displacement (cm)

1 4.5 1.05047

1.5 4.75 1.03733

2 5.2 1.06425

2.5 5.52 1.17393

5 5.25 1.00174

Table 7 Dynamic buckling
load for 7.5 � 10−3 s

b/a Load (kN/m) Displacement (cm)

1 2.88 1.12339

1.5 2.95 1.1697

2 3.05 1.07938

2.5 3.25 1.17211

5 3.25 1.02823
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Table 8 Dynamic buckling load for 10 � 10−3 s

b/a Load (kN/m) Displacement (cm)

1 2.08 1.05034

1.5 2.14 1.09281

2 2.24 1.05609

2.5 2.35 1.16029

5 2.35 1.0586
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Fig. 5 Effect of aspect ratio on dynamic buckling load

Fig. 6 Deformed shape of laminated composite curved panel with b/a = 2 and R/a = 20
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3.2.2 Effect of Radius of Curvature

The effect of radius of curvature is studied on nonlinear dynamic buckling beha-
viour of laminated composite curved panel in this section. The ratio R/a is varied
along with loading duration. For each loading duration, the dynamic buckling loads
are calculated.

Figure 7 shows the effect of radius of curvature on nonlinear dynamic buckling
behaviour of laminated composite curved panel. It is seen that for a particular
loading duration, the variation of dynamic buckling load is less. The variation of
dynamic buckling load reduces rapidly for longer duration of application of loads.
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Fig. 7 Effect of radius of curvature on dynamic buckling load

Fig. 8 Deformed shape of laminated composite curved panel with R/a = 2 and b/a = 1
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Figure 8 shows the deformed shape of laminated composite curved panel with
R/a = 2, at point of loading and deformation scale factor = 3.

4 Conclusion

The conclusions of the study are summarised below.

1. The nonlinear dynamic buckling load for a laminated composite curved panel
gradually reduces as the loading duration is increased.

2. When the loading duration is small, the nonlinear dynamic buckling load can be
higher than static buckling load.

3. For very short duration of loading, the effect of aspect ratio is significant initially.
This gradually reduces as the aspect ratio is increased. When the loading duration
is increased, the variation in nonlinear dynamic buckling load is insignificant.

4. For a particular loading duration, the effect of radius of curvature on the vari-
ation in nonlinear dynamic buckling load is low. With the increase in loading
duration, the effect of radius of curvature is minute.
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The Interfacial Transition Zone:
Microstructure, Properties,
and Its Modification

Meenakshi Sharma and Shashank Bishnoi

Abstract Interfacial transition zone (ITZ) is the region of cement paste adjacent to
the aggregate surface. Large size aggregates disturb the packing of cement in their
near vicinity due to wall effect and form ITZ. The microstructure of ITZ is more
porous and has higher calcium hydroxide (CH) content compared to the bulk
cement paste. ITZ has been considered the weakest link in concrete due to its
microstructure. The presence of ITZ is the reason of lower strength of concrete
compared to its constituents, cement paste, and aggregate. Effect of ITZ on the
transport properties of concrete is still a subject of debate. Improving the
microstructure of ITZ is a good way of improving mechanical and transport
properties of concrete. This paper reviews various alternative methods used for
improving the microstructure of ITZ.

Keywords Interfacial transition zone � Wall effect � Microstructure

1 Interfacial Transition Zone and Its Properties

Concrete, the fundamental building material for infrastructure development around
the world, is a composite material made of cement, water, and aggregates (coarse
and fine). It is often considered as a two-phase composite material with inert
aggregates and hydrated cement paste, and various properties of concrete are dif-
ferent from its constituent materials. Figure 1 shows that both aggregate and cement
paste have brittle elastic behavior, while concrete has quasi-ductile behavior; even
the strength of concrete is considerably lower than aggregate and cement paste [1].
This signifies the presence of a third phase, interfacial transition zone which is more
critical for the properties of concrete.
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ITZ is a thin and heterogeneous region of cement paste adjacent to the aggregate
surface.Wall effect is themain reason for the formation of ITZ; large aggregate particles
disturb thepackingof cement grain resulting in the rearrangement of small grainsnearby
aggregates and larger grainsmoves away from the aggregates (Fig. 2) [1]. This reduces
cement content and increases water/cement (w/c) ratio near the aggregate surface
forming a more porous and weaker ITZ compared to bulk cement paste.

Accumulation of bleed water below the aggregate further increases the w/c ratio
below aggregate. Wall effect and bleeding both result in the formation of
water-filled spaces around aggregates [2]. These water-filled spaces promote the
nucleation of calcium hydroxide (CH) near aggregate surface due to its tendency to
nucleate in larger pores [2].

In fresh mixes, the microstructure of ITZ is characterized by higher porosity,
higher w/c ratio, and lower cement content compared to bulk cement matrix, while
higher CH content and higher porosity are the characteristics of ITZ in hardened
systems. Microstructural composition of ITZ varies from the aggregate surface to
bulk cement matrix. Depending on the age, interfacial region is characterized by
gradients of microstructural composition such as unhydrated cement content,
w/c ratio, porosity, and CH content [1–3] (Figs. 3, 4 and 5).

Fig. 1 Comparative stress–
strain curves for aggregate,
paste, and concrete [1]
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Fig. 2 Illustration of wall effect [1]

Fig. 3 Calculated initial distribution of anhydrous cement and effective water/cement ratio in the
interfacial zone [2]
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The extent of ITZ is usually measured by the distance from aggregate surface to
the bulk cement where porosity or density becomes almost equal to the bulk matrix.
The extent of “wall effect” and ITZ depends on the size of aggregate and cement
grains. Thus, the thickness of ITZ is compared with the size of cement. Bentz and
Garboczi using computer simulation found that the thickness of ITZ is equal to the

Fig. 4 Average distribution of calcium hydroxide in ITZ [1]

Fig. 5 Porosity gradient in the ITZ of model concrete [3]
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median size of cement grains [4]. Ollivier et al. reported that the thickness of ITZ is
equivalent to the mean diameter of cement grains [5].

Several authors have reported the thickness of ITZ to be around 40–50 lm based
on the perturbation caused by aggregate particle [1, 2]. This might be deviating
from the results of Scrivener and Nemati revealing that ITZ thickness is around 30–
100 lm [6]. The perturbation is most significant within 15–20 lm distance from
aggregate surface [1, 5].

2 Effect of ITZ on the Properties of Mortar and Concrete

High porosity and microcracks are intrinsic features of ITZ microstructure. This
influences the elastic modulus of concrete to a great extent. ITZ serves as a linking
chain between aggregate and paste. ITZ has lower elastic modulus compared to
aggregate and cement paste, which reduces overall elastic modulus of concrete.
Yang using computer simulation showed that elastic modulus of ITZ varies from
0.2 to 0.7 times of elastic modulus of paste, depending on the thickness [7].

Strength of concrete is considerably lower than the strength of either of the two
components, aggregate and paste, due to the presence of ITZ only. The formation
and expansion of microcracks is easier in ITZ region compared to cement matrix
and aggregate. Therefore, fracture path of concrete usually occurs along the
aggregate surface.

Several authors have concluded that adding aggregate increases permeability of
mortar and concrete [8, 9]. Wong et al. [10] revealed that adding a small amount
of aggregate (10% by volume) increases permeability, diffusivity, and sorptivity of
mortars, but further addition of aggregates reduces the same. Similar trend was
observed by Tumidajski [11] for electrical conductivity of Portland cement mortar,
while Princigallo et al. showed that adding aggregates in cement paste continuously
reduces electrical conductivity from �1.8 S/m for neat cement paste, to �0.3 S/m
for concrete containing 75% aggregates [12]. The effect of aggregate addition is
more pronounced on permeability compared to other properties like sorptivity,
diffusivity, and electrical conductivity. This shows the permeability is more influ-
enced by pore structure and tortuosity compared to other transport properties.

3 Methods of Modifying Microstructure of ITZ

3.1 Mix Design Parameter

Changing the mix design parameters modifies the packing of cement particles
around aggregates and hence the microstructure of ITZ. Cement particles get
packed efficiently at low w/c ratio, not only in bulk matrix but also in ITZ.
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Increasing the aggregate/cement ratio restricts the rearrangement of cement grains
only over small distances and resulting in narrower ITZ.

3.2 Changing Particle Size Distribution

Efficient packing of cement near aggregate surface reduces the thickness and
microstructural gradient of ITZ. Small-sized cement particles pack efficiently near
aggregate surface and reduce the thickness of ITZ [1–3]. Figure 6 shows that volume
density of small-sized particles is highest within 10 lm distance from the aggregate
surface and large size particles are found further away. Thus, gap grading of
cementitious materials is an effective method of improving the microstructure of ITZ.

3.3 Use of Supplementary Cementitious Materials (SCMs)

Supplementary cementitious materials show different physical and chemical effects
depending on the degree of hydration. Adding SCMs have the following physical
effects in cementitious systems: dilution, modification of particle size distribution,
and heterogeneous nucleation [13]. Pozzolanic reaction, the reaction of reactive

Fig. 6 Volume density of successive size fractions (size range in lm), by computer simulations [3]
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silica with CH, is the chemical effect of SCMs. Thus, SCMs have been extensively
used to improve the overall microstructure of cementitious systems. All the effects
of SCMs addition are more prominent in interfacial region.

Fangui et al. [14] revealed that the effect of fly-ash addition is more pronounced
for mortar and concrete compared to paste. Figure 7 shows that the strength activity
index of fly ash is more for mortar and concrete compared to paste. This might be
due to microfilling and pozzolanic effect of fly ash, especially in ITZ. Finer ground
fly ash can accumulate near aggregate surface at early ages. At later ages, fly ash
will react with excess CH available in ITZ and strengths the ITZ. Duan et al.
performed microhardness test on various polished and sliced concrete specimen
containing ITZ between aggregate and mortar [15]. Figures 8 and 9 show that
concrete containing silica fume (SF), metakaolin (MK), and slag (SL) have higher
microhardness compared to normal concrete. At early ages, fine mineral additives
have highest positive effect on ITZ microhardness due to microfilling. At later ages,
mineral additives improve microhardness of ITZ by pozzolanic reaction.

Xuan et al. performed pullout test on exposed near-surface-zone aggregate to
study the interfacial bond strength between aggregate and cement matrix. An
increase of around 80% in the pullout force of aggregate was observed on
adding 9% SF [16]. Thickness of ITZ also reduces by adding mineral admixtures.

Fig. 7 Strength activity index of ground fly ash in paste, mortar, and concrete at w/b 0.3 [14]
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It can also be observed in Fig. 9, the thickness of ITZ decreases from almost 70
to 40 lm by the addition of mineral admixtures. Rossignolo also observed 36%
reduction in ITZ thickness by addition of 10% SF [17].

Fig. 8 Effects of mineral admixtures on microhardness at 3 days [15]

Fig. 9 Effects of mineral admixtures on microhardness at 180 days [15]
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3.4 Use of Nano-materials (SCMs)

Use of nano-materials in concrete is a more recent approach. Various authors have
reported that the use of nano-materials like nano-SiO2, nano-TiO2, and
nano-alumina results in a significant improvement in the microstructure of ITZ. Due
to their high surface energy, these nano-materials get absorbed on the sand surface
by Vander wall forces and act as filler in ITZ making it denser, which in turn
improve elastic modulus and compressive strength of mortar and decrease the
thickness of ITZ [18–20]. Nano-SiO2 also shows pozzolanic reaction and further
improves microstructure of ITZ.

4 Conclusion

– The ITZ is not a separate phase in concrete but a zone of transition in cement
matrix around aggregates. The thickness of this zone depends on w/c ratio, size
of aggregates, and cement.

– The microstructure of ITZ is characterized by high porosity, high CH content,
and low cement content; thus, its microhardness is lower than bulk cement
paste.

– Due to the weak microstructure, ITZ has negative effects on mechanical prop-
erties of concrete like compressive strength and elastic modulus.

– The microstructure of ITZ can be improved by using low w/c ratio, high
aggregate/cement ratio, and gap grading in the binder. Use of nano-materials is a
good alternative of achieving gap grading in cementitious systems.

– SCMs improve the microstructure of ITZ by filling effect and pozzolanic
reaction. At early ages, filling effect dominates in the ITZ due to accumulation
of small size SCMs. At later ages, pozzolanic reaction is more in ITZ region due
to availability of high amount of CH in ITZ.
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Experimental and Analytical Studies
of Failure Characteristics of FRP
Connections

S. B. Singh, Himanshu Chawla and Sudhir Vummadisetti

Abstract This study presents the failure characteristics of FRP lap joints in tension
using experimental and analytical techniques. The lap joint is made from coupons
extruded from laminated plates and pultruded beams. FRP plates are fabricated
from different fabrics and stacking sequence of fibers. Extensive study is performed
on changing the end distance-to-bolt diameter ratio, bolt diameter-to-thickness
ratio, and stacking sequence of the laminates. Coupons are connected through bolts
and/or adhesive. It is observed that the failure of the bonded connection is very
brittle while those connected by bolt and adhesive have ductile failure. Adhesive
joints failed by failure of external layers, while bolted joints have bearing failure of
coupons as well as shear failure of coupons and bolt. It is noted that the strength of
the joint increases with increase in the overlapping length, while it decreases with
increase in bolt diameter. The quasi-isotropic, i.e., (0/90/±45)s have higher failure
strength than cross-ply and angle-ply laminates.

Keywords Adhesive joint � Bearing failure � Bolted connection
FRP lap joint � Shear failure

1 Introduction

Connection of beams with bolts or adhesive becomes the weaker portion of a
structure, which leads to the primary failure of the structure. Hence, it is very
important to study the structural response and failure characteristics of FRP beams
and its components connected by bolts. Lap joints are more commonly used for
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joining the structures. Design of FRP lap joint for FRP beams depends upon the
layup of the beam as well as type of the fabrics present in beams.

2 Analytical Method

Failure load (F) is determined from gross area (or net area of joint) and the strength
of coupons (r), i.e., F ¼ r� A [1–3]. The failed area (A) of joint in bearing,
net-tension, and shear failure is dt, (w − d)t, and et, respectively. Here, d, e, w, and
t are diameter of bolt, edge distance (from center of bolt), width, and thickness of
coupon, respectively. In case of bearing failure of joints, r is compressive strength
of laminate; in tension failure, r is tensile strength and in shear out failure, r is
shear strength of laminate.

3 Results

Figure 1a shows the response of lap joint fabricated by bolt (L50B), adhesive
(L50E), and the both adhesive and bolt (L50EB) in tension. It is noted that failure of
adhesive-bonded lap joint is very brittle as compared to the bolted connections. In
specimen L50EB, initial load is taken by epoxy (i.e., adhesive), and once the
ultimate strength of adhesive or outer lamina is reached, then the load is transferred
to bolt but the bearing load decreased slightly due to presence of clearance between
bolt and hole. The quasi-isotropic laminates have higher load carrying capacity than
those of other laminates as shown in Fig. 1b.

(a) 50 mm overlapping length (b) Different stacking sequence

Fig. 1 Response of lap joint in tension
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4 Conclusions

1. Adhesive-bonded lap joint decreases the deformation of lap joint due to brittle
failure. The strength of the adhesive-bonded lap joint depends upon the strength
of adhesive as well as the strength of external lamina. Therefore, external lamina
should be of woven fabrics, because it has higher strength than the rovings and
continuous strands mat.

2. Lap joint made using epoxy and bolt together gives slightly higher capacity than
the joint made with bolt only. Failure of epoxy-bonded joint is sudden, while the
failure of joint using bolt and epoxy has high strength with more deformation.
Hence, lap joints of combined bolted and epoxy bonded are more suitable than
bonded with epoxy only.

3. Based on the strength and failure characteristics of different stacking sequences
of lap joints, quasi-isotropic stacking sequence (i.e., (0/90/±45)s) is recom-
mended for lap joint.
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Effect of Shear Lag on Buckling of FRP
Box-Beams

M. Kasiviswanathan and Akhil Upadhyay

Abstract Nowadays, FRP applications have been increased in the various engi-
neering fields because of their numerous mechanical and physical properties, i.e.,
high strength, lightweight, corrosion resistance, and tailoring ability. The tailoring
ability of FRP gives us flexibility to change the configuration and positions of fiber
orientation in the laminate; it helps to fulfill the specific design requirements.
However, being a thin-walled structure, design of box-beam is governed by sta-
bility. Generally, in the FRP box-beam two type of buckling is possible, i.e., web
and flange. Flange buckling is caused by both primary and secondary stresses.
Primary stresses are caused by bending, and secondary stresses are caused by shear
lag, torsion, and distortion. Herein, the effect of shear lag on buckling stress of
box-beam has been studied with the help of finite element software ‘ANSYS 15’ by
changing the fiber orientation and geometry of various elements of box-beam.

Keywords Flange buckling � FRP box-beam � Stability problems
Shear lag

Notations

bf, bw Width of the flange and web
df Rotational restraint parameter of flange
q Uniform line load
hf, hw Fiber orientation of flange and web
(b/t)f Slenderness ratio of flange
rx,max Maximum bending stress at beam center
tf, tw Thickness of the flange and web
rb,f Flange buckling stress
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E1, E2, G12 Lamina modulus
t12, t21 Lamina major and minor poison ratio
SF Shear lag factor
rx,avg Average bending stress at beam center

1 Introduction

Steel box-beams are widely used in aircraft wings due to their light weight and
torsional characteristics. Later, these applications are increased in bridges also due
to their good bending resistance, section integrity, and better construction adopt-
ability. Applications have been increased to reduce the dead weight as well as to
increase the torsional stiffnesses, especially in curved bridges. Replacing of com-
posite box-beams instead of steel box-beams further reduces the dead weight of
structure. Fiber orientation and number of plies in the laminate provide a wide
number of parameters which help to enhance the performance of structure but
increases the design variables. To know the significance of these parameters on
structural efficiency further research needs to be conducted.

According to Bernoulli beam theory, span-wise normal stress distribution across
the width of solid beam is uniform under pure bending. However, in box-beam, top
and bottom flange will be suffered from the effect of shear deformation. Hence, the
value of stress at the web flange junction is higher than the value of stresses remote
from the web; that is, while going away from the web normal stress lags and results
in non-uniform width-wise normal stress distribution. This lag of normal stress
distribution across the width is called as shear lag.

Shear lag effect reduces bending strength and stiffness of box-beam as a con-
sequence of non-uniform stress distribution in the flanges. If flanges have low shear
stiffness, normal stresses cannot be uniformly distributed across the width of the
flanges that has been stated by Salim and Davalos [1]. Gan et al. [2] studied the
performance of pultruded I-beams with various web–flange conjunctions. They
observed that maximum stress in the flanges is higher than expected value. Visnjic
and Nozak [3] have conducted extensive numerical study for I-beams to reduce the
shear lag effect. They found parameters which have more influence on shear lag
phenomenon. Ressiner [4], Kristek et al. [5], Evans et al. [6], Lopez-Anido, and
GangoRao [7] also studied the shear lag phenomenon but their studies are con-
nected with wide-flange thin-walled beam with high height to length ratio.

Shear lag phenomenon has been studied for many decades by many researchers.
But those works are mainly focused about the effect of shear lag on stress distribution
and deflection of beam. Lertsima et al. [8], Sa-nguanmanasak et al. [9] have studied the
effect of shear lag on stress concentration factor. They conducted detailed parametric
study, and as a result of this study, they listed out some key parameters which have
influence on shear lag, and based on these parameters, they proposed empirical for-
mula by regression analysis. Similarly, Lertsima et al. [10] have studied the shear lag
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effect on deflection of box-beam. Lee andWu [11] have studied the shear lag effect by
finite element method, and based on these studies, they concluded that FEM is the
feasible approach for the analysis of thin-walled structures. However, studies about
the effect of shear lag on buckling coefficient are meager. So, in this paper, shear lag
effect on buckling coefficient of box-beam has been studied by changing the fiber
orientation and geometry of various elements of box-beam.

2 Finite Element Analysis

Finite element method was employed to study the shear lag effect on buckling
coefficient of FRP box-beam. FEM programs help to predict the shear lag effect on
flange buckling of box-beam with different geometry and loading constraints. In
this study, commercially available finite element tool ‘ANSYS 15’ was utilized.

2.1 Model Geometry

In this step, geometry of various elements of box-beam has been defined. The
length and cross section details of box-beam are shown in Fig. 1.

2.2 Loading and Boundary Conditions

In this analysis, simply supported box-beam as shown in Fig. 2 was considered. To
simulate the hinged support X, Y, and Z directions were constraints at the one end.
Similarly, for roller support, y and z directions were constraint at the other end. In
all the cases, uniform line load is applied over the length of flange and web junction.

2.3 Material Properties

For the analysis of box-beam, material properties as shown in Table 1 are used.

Fig. 1 Schematic view of the analyzed girders
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2.4 Element Type

Shell element 281 was used to model the various elements of box-beam in the finite
element analysis. This element has eight nodes, and each node has six degrees of
freedom: translation and rotation in x, y, and z direction. The element has been
chosen because it has both bending and membrane capabilities, and it can sustain
in-plane load and normal load. Additionally, it is suitable for the large deformation
analysis.

2.5 Validation Study

Definition of the material properties, constraints, mesh size, and fiber orientation of
various elements of beam needs more care, and it is essential to establish the
accuracy of modeling before it is used for the analysis. Therefore, results obtained
from reference studies and presented by Kollar [12] and Qiao et al. [13] were used
to assess the accuracy of the proposed finite element modeling. Beam subjected to
uniform compression load was considered for validation. Table 2 shows the

Fig. 2 End constraints of beam model

Table 1 Lamina material properties

E1 (GPa) E2 (GPa) G12 (GPa) q (kg/m)
3 m12 m21

145 16.5 4.48 1520 0.314 0.037
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dimension and results for the beam used for the validation. The difference between
the references studies and numerical model resistance against uniform compression
load ranged from −3.08 to 6.14%, and it shows good agreement.

2.6 Buckling Coefficient and Mode Shape

In all the cases, buckling coefficient was found by Eigen buckling analysis, and
cross sections are proportioned in such a manner that flange buckling is the first
mode of buckling. In order to obtain flange buckling coefficient, five buckling
modes can be generated for each case and the value corresponding to the first flange
buckling mode (lowest) is taken as the flange buckling coefficient. Flange buckling
mode of the beam is shown in Fig. 3.

3 Need for Study and Basic Plan

Because of highly orthotropic nature of the composite materials, determining shear
lag analytically is a difficult task and reliable solution for the design apparently
cannot be achieved. Consequently, numerical methods and particularly finite ele-
ment remain feasible approach for the analysis of shear lag in complex thin-walled
structures. So, in the present study, finite element programs have been used to
quantify the shear lag factor and buckling coefficient. For that, geometry of
box-beam and fiber orientation of various elements are varied. During these studies,
geometrical parameters of box-beam, i.e., width and thickness, are varied along
with variation of fiber orientation in flange and web. Three fiber orientations 0°,
±45°, and 90° are considered to cover extreme cases of orthotrophy. In all the
cases, sections are proportioned in such a manner that flange buckling will be the
first mode of buckling.

Table 2 Validation of FE model

Dimensions in mm Ncr (kN/m) % Difference

bw � bf � tw � tf FE analysis

Reference studies Present study

203.2 � 101.6 � 6.4 � 6.4 519a 503.47 −3.08

152 � 152 � 6.4 � 6.4 717b 758.9 5.52

152 � 102 � 6.4 � 6.4 850.1b 905.763 6.14
aKollar [12], bQiao et al. [13]
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4 Analysis of Shear Lag Effect

In order to evaluate and compare the magnitude of shear lag effect on buckling
coefficient of FRP box-beams, shear lag factor was used. It was calculated by the
following equation.

SF ¼ rx;max

rx;avg
ð1Þ

where the trapezoidal rule of integration was used to calculate the average normal
stress rx,avg and rx,max is the maximum stress in the beam width at the L/2.

5 Effect of Fiber Orientation

In order to show the influence of fiber orientation on shear lag phenomenon, three
extreme cases of fiber orientation were considered for both flange and web ele-
ments, while geometrical parameters were kept constant. The considered material
and geometrical properties for analyzed cases are given in Table 3.

In general, fiber orientation affects the state of stress of box-beam. Particularly, it
brings the considerable changes in flange stresses by changing the orientation of
fibers, and consequently, it affects the stress variation along the beam width. State
of stress of top flange for different flange–web combinations is shown in Fig. 4. In
each combination, the distribution of stress differs considerably.

Fig. 3 Buckling mode corresponding to first eigenvalue (beam size—800 � 600 � 5000)
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To show the changes in the stress variation along the beam width, for a constant
web fiber orientation and geometry, three extreme cases of flange fiber orientation
were considered i.e. 0, 45 and 90. Stress values are taken from the beam center (L/2)
that as mentioned in Fig. 5a. The corresponding stress variation for different flange
fiber orientation is shown in Fig. 5b–d. It shows the considerable changes in the
stress variation across the beam.

As can be seen from Fig. 5b–d, fiber orientation affects the shear lag phe-
nomenon noticeably. In order to show the effect of fiber orientation on shear lag,
shear lag factor can be quantified with the help of Eq. (1). Shear lag factor varia-
tions for different flange and web fiber orientations are shown in Fig. 6. From this
figure, it can be observed that for the constant web fiber orientation, shear lag factor
decreases with increases of flange fiber orientation, but when flange has ±45° fiber
orientation, shear lag factor is even lower than 90° because ±45° provide adequate
shear stiffness to laminate and the shear lag is almost constant.

The corresponding shear lag factor effect on buckling coefficient is shown in
Fig. 7. From this figure, it can be observed that buckling coefficient decreases with
increases of shear lag factor. It implies that rx,avg decreases with decreases of hf that
means stress variation across the beam gets increased at low flange fiber orientation.

Corresponding with hf
* = corresponding value of hf for different shear lag factor

as given in Fig. 5.

Table 3 Cross-sectional dimensions and fiber orientations used to display the significance of fiber
orientation

L—5000 mm, bf—500 mm, tw—20 mm

hf hw bw (mm) tf (mm) Load case

(0°/0°)s (0°/0°)s 500 2.5 Symmetrical load

(±45°)s (±45°)s 600

(90°/90°)s (90°/90°)s 700

(a)

(b)

(c)

Fig. 4 State of stress of top flange: a 0° (hf) − 0° (hw); b ±45° (hf) − 0° (hw); c 90° (hf) − 0°
(hw)
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(b) (c) 

(a) 

(d) 

Fig. 5 Top flange stress variation across the beam width: a Box-beam highlighting section of
interest; b 0° (hf) − ±45° (hw); c ±45° (hf) − ±45° (hw); d 90° (hf) − ±45° (hw)
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6 Effect of Geometry

The cross section of the analyzed box-beam is shown in Fig. 1. The total beam
height used in the analysis was 500 mm. In order to isolate the study from the
influence of beam cross section on shear lag effect, cross section along the beam
was kept constant. Flanges are mostly subjected to in-plane compressive and tensile
loads, so, 0° fiber orientation was chosen for flange. Fifteen different flange widths
to thickness ratio were considered. The considered bf, tf, and (b/t)f is given in
Table 4. While, web predominantly subjected to shear stress, so ±45° fiber

Fig. 6 Variation of shear lag factor with hf for different hw

Fig. 7 Variation of buckling coefficient with SF for different hw
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orientation was chosen for web. Four different web thicknesses were used in the
analysis.

In Fig. 8, shear lag factor plotted was against (b/t)f for different web thicknesses.
From this figure, it can be observed that shear lag factor increases with increase in
(b/t)f. In addition to this, thickness of the web has insignificant effect on the shear
lag factor at lower (b/t)f value, but at higher (b/t)f value, with the increase in
thickness of web shear lag factor decreases considerably.

Table 4 Correlation between flange thickness (tf) width (bf) and slenderness ratio (b/t)f

tf (mm) bf (mm) (b/t)f
10.00 250.00 25.00

8.50 294.11 34.60

7.75 322.58 41.62

6.75 370.37 54.87

6.25 400.00 64.00

5.75 434.78 75.61

5.00 500.00 100.00

4.50 555.55 123.45

4.00 625.00 156.25

3.50 714.28 204.08

3.25 769.23 236.69

3.00 833.33 277.78

2.50 1000.00 400.00

2.00 1250.00 625.00

1.75 1428.57 816.32

Fig. 8 Variation of shear lag factor with (b/t)f for different tw
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The influence of shear lag factor on buckling coefficient is shown in Fig. 9. From
this figure, it can be noticed that the buckling coefficient decreases with increase in
shear lag factor, the reason is shear stiffness of flange decreases with increase in
flange width.

In addition to this, for the same value of shear lag factor, a thicker web gives
higher buckling coefficient, because the thicker web reduces the stress level which
transmits from web to flange.

7 Conclusion

In the present work, effect of shear lag on flange buckling of box-beam has been
studied numerically with the help of commercially available package ‘ANSYS 15.’
True state of stress and stress variation of box-beam across the beam width can be
obtained easily by this approach. Shear lag effect on buckling coefficient is
examined by changing the fiber orientation and geometry of various elements of
box-beam. The results clearly bring out the influence of fiber orientation on shear
lag. The ±45° and 90° fiber orientation of flange gives low shear lag factor as a
consequence of less non-uniform stress variation in beam width, and consequently,
due to the combined effect of the fiber orientation and shear lag effect, buckling
coefficient increases. In addition to this, the influence of web thickness and slen-
derness ratio of flange on shear lag also can be observed. The shear lag factor
increases with increases of slenderness ratio of flange as a result of reducing
stiffness of flange. Meantime, buckling coefficient increases with decreases of shear
lag factor. Noteworthy, buckling coefficient value directly proportional to the shear
lag factor.

Fig. 9 Variation of buckling coefficient with SF for different tw
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Flexural Behavior of Concrete Sandwich
Panels Under Punching Load
and Four-Point Bending—Experimental
and Analytical Study

J. Daniel Ronald Joseph, J. Prabakar and P. Alagusundaramoorthy

Abstract Concrete sandwich structural panels can serve dual purposes of trans-
ferring load and insulating. This paper presents and discusses results of experi-
mental and numerical studies carried out to understand the flexural behavior of
concrete sandwich panels under different flexural loading conditions such as
four-point bending and punching load. The experimental study consisted of testing
two prototype concrete sandwich panels. Wythes of the panels were reinforced
using wire mesh and rebars, and shear connectors were used to connect both
wythes. Experimental study indicated that flexural behavior of these panels is
significantly affected by type of the loading conditions. Though constructional
details of both panels tested in this study are same, failure mode of the panels are
different under four-point bending and punching load. The panel tested under
four-point bending failed by forming inclined shear cracks and the panel tested
under punching load failed by forming flexural cracks. Numerical analysis was
carried out using finite element package ABAQUS. Numerical models developed
are able to approximately predict load-deflection responses of concrete sandwich
panels under different loading conditions. Further experimental and numerical
studies are required in this area toward developing design guidelines.
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1 Introduction

Precast concrete structural elements are manufactured under controlled factory
conditions, and hence concrete structural elements with good precision in geometry
and finishing can be manufactured. Background information on precast technology
can be found in the literature [1–3]. Precast concrete elements besides being struc-
turally and economically efficient [4] also have social and environmental benefits
[5]. Precast structural elements if light-weighted may also have advantages such as
(i) less attraction of seismic forces, (ii) ease of handling and transportation, and
(iii) cost effective. Lightweight concrete sandwich panels produced by replacing core
concrete using less denser material may consist of two skins of concrete called
wythe, one on either side of the core. The core is made of material that provides
significant thermal and sound insulation such as Expanded Polystyrene (EPS). In
order to achieve composite action of the panel, shear transfer between the wythes is
ensured by using shear connectors that connect the wythes. The shear connectors
may be discrete provided at specific predefined locations or may be continuous like
truss oriented along the longitudinal direction. Wires or conventional steel rebars
may be used to reinforce the wythes and as shear connectors.

Bush and Stine [6] reported that under flexural load, 100% composite action may
be achieved in the concrete sandwich panels. Composite and non-composite actions
of sandwich panels using different numbers of truss connectors were explored. They
found that panels with shear connectors exhibited composite action. It was also
observed that stripping and handling inserts offered significant shear transfer
between the wythes. Einea et al. [7] carried out experimental and analytical studies
on the flexural behavior of concrete sandwich panels with hybrid shear connectors
using FRP and prestressed steel strands. The panels were found to exhibit thermal
and structural efficiency. They recommended mechanical anchorages be provided in
shear connectors made of FRP rebars. The authors found that the axial strength of
the shear connectors had profound effect on the shear strength of the panels. Also
they observed that full-scale size panels achieved more composite action than the
small-scale size specimens. Salmon and Einea [8] proposed equations to determine
the out-of-plane deflections of partially composite insulated sandwich panels due to
temperature difference between the wythes. The authors showed that the deflections
are insensitive to stiffness of the connectors, and hence, partially composite panel
and fully composite panel will have almost same deflection due to temperature
difference.

Salmon et al. [9] tested concrete sandwich panels under lateral loads. Two
different types of shear connectors such as FRP connectors and steel connectors
were used. The authors reported that the panels achieved semi-composite action
under service loads. Panels with FRP shear connectors were found to be efficient in
thermal insulation compared to steel shear connectors. Benayoune et al. [10] carried
out experimental and theoretical investigations on the behavior of concrete sand-
wich panels under flexural load. The authors reported that the failure modes of the
panels was similar to conventional solid concrete panel behavior. Also, they report
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that the shear connectors significantly affected the load carrying capacity and
composite action of panels. Gara et al. [11] carried out experimental and numerical
analysis of sandwich panels subjected to four-point bending. Concrete with average
strength of 34.5 MPa was used for casting the wythes. Totally six numbers of
full-scale panels were tested in their study. Flexural tests indicated that the failure of
the sandwich panels occurred due to the rupture of the bottom wythe. They reported
that the equivalent loads at which failure occurred were lesser than the design loads
on floors and hence, these types of panels may be used for practical applications.
The authors also reported that increase in the load carrying capacity might be
achieved by increasing the thickness of the panel. Literature survey indicates that
studies on flexural behavior of concrete sandwich panels under two different
loading conditions are not reported. In order to understand the flexural behavior of
concrete sandwich panel under two different loading conditions such as punching
and four-point bending, this study was carried out.

2 Experimental Details

2.1 Materials

Two prototype concrete sandwich panels of dimensions 3000 � 1220 � 150-mm
(L � B � T) were cast and tested to failure under four-point bending and punching
load. Details of the panels are given in Table 1. The size of the wire mesh used as
wythe reinforcements is 50 � 50-mm. The two meshes are connected using
truss-like shear connector wires that were inclined at 70°. The shear connectors
were welded to wire mesh. The truss-like shear connectors were oriented along the
spanning direction and hence are effective in resisting shear only bending along
longitudinal axis of the panel. The spacing between trusses is 100-mm. The wires of
mesh and the shear connectors were nearly 2.2-mm in dia. The average tensile
strength of these wires was 650-N/mm2.

Self-compacting concrete was used for casting the wythes. The mix proportion
of concrete was arrived based on the guidelines of ACI [12], and it was
1:1.89:2.34:0.3:0.41:0.6% in the order of cement, coarse aggregate, fine aggregate,
ground granulated blast furnace slag (GGBFS), water and superplasticizer

Table 1 Details of panels tested

Sl.
No.

ID Mesh size
(mm)

Dimension
(L � B � D) (mm)

Thickness (mm) Rebars in
bottom wythe

qt qt, min
a

Wythe EPS Total

1 PB 50 � 50 3000 � 1220 � 150 25 100 150 5#8 mm/ 0.191 0.0011

2 PP 50 � 50

PB panel tested in bending, PP panel tested in punching, qt percentage of reinforcement provided
aRequired minimum percentage of reinforcement as per ACI 318-11
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(by weight of binder content). In designing the concrete mix, target slump value
of >650-mm was chosen (see Table 2.5 of ACI [12]) and the total powder content
used was 481-kg/m3. The cement and the GGBFS content used were 370 and
111-kg/m3, respectively. As per ACI [12], filling ability and passing ability of the
concrete were measured using slump flow test and L-box test, respectively. The
average slump value was 678 mm. In L-box test, the ratio of the height of concrete
in the horizontal section to that of vertical section determined was 1.3. T50 which
gives an indication of the viscosity of the concrete was nearly 4-s and hence,
according to ACI [12] the concrete mixture was found to have viscosity that lies
between low viscosity and high viscosity. It is observed from these tests that the
self-compacting concrete mixture satisfied the recommended [12] minimum
requirements. Coarse aggregates passing through 10-mm sieve were used. The
average cube compressive strength (fck) and flexural tensile strength of SCC were
45.97 and 4.34-MPa, respectively. The flexural tensile strength of concrete was
determined using concrete prism specimens of size 150 � 150 � 700-mm as per
Indian Standard [13]. The number of trusses as shear connectors present in a panel
was 13. The thickness of top and bottom concrete wythes was 25-mm for all the
panels.

2.2 Casting Process

The sequence of casting a panel is shown in Fig. 1. A steel mold of inner dimension
3000 � 1200 � 150-mm was placed on a level surface, and concrete was poured
to a depth of 25-mm to form bottom concrete wythe. EPS panel with welded wire
mesh and continuous truss-like shear connectors was placed upon the bottom wythe
concrete. Concrete was then poured to form top concrete wythe of 25-mm thick-
ness. Stiffening concrete beams were provided along the supporting edges (shorter
edges) to avoid failure due to local crushing of concrete. The panels were cured for
28 days by using gunny bags.

2.3 Test Setup and Instrumentation

Schematic diagram of test setup and instrumentation used for four-point bending
and punching load is shown in Fig. 2. For both types of loading conditions, one
edge of the panel was supported by hinge and the other was supported on a roller.
Linear voltage displacement transducer (LVDT) with 50-mm range was used to
measure the mid-deflection of the panels. The strains on the wires and concrete
were measured using strain gauges with gauge lengths of 2-mm and 30-mm,
respectively. Picture of panels ready for testing is shown in Fig. 3.
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3 Numerical Analysis

Static nonlinear numerical analysis was carried out in FE software ABAQUS [14].
Concrete damaged plasticity model was used to simulate the behavior of material
concrete. This model takes into consideration the degradation of elastic stiffness,
both in tension and compression, by plastic straining of concrete [14]. Concrete is
assumed to be isotropic in elastic and inelastic regime both in compression and
tension, and the two failure modes assumed are the tensile cracking and crushing
under compression [14]. Concrete behavior under compression was modeled using
Saenz [15] stress–strain curve. Young’s modulus of concrete was determined using
the following equation [16].

E¼ 5000
ffiffiffiffiffiffiffi

fck
p

¼ 5000
ffiffiffiffiffi

45
p

= 33541-N/mm2

Tensile behavior of concrete was assumed to be linearly elastic until the failure
stress that corresponds to the onset of micro-cracking. The tensile post-peak
behavior of concrete was modeled using fracture energy (Gf) method. The fracture
energy of the concrete was calculated using fib Model Code [17] equation, which is

5 6

4

2

3

1

Fig. 1 Sequence of casting a panel
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Fig. 2 Schematic diagram of test setup

Fig. 3 Typical panel on test setup
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a function of concrete cylinder strength (fcm). The concrete cube strength was
converted to equivalent cylinder strength by multiplying a factor of 0.8.

Fracture energy,

Gf ¼ 73f0:18cm ¼ 73� 0:8� 45ð Þ0:18¼ 139-Joule/m2

8-noded linear brick elements were used for modeling top and bottom concrete
wythes. The wires of the mesh were modeled using 2-noded linear truss elements.
Wire meshes were modeled as embedded elements in the concrete wythes and
hence, it is inherently assumed in the models that the bond between wire mesh and
the concrete was perfect.

4 Results and Discussions

In this section, results of the experimental study are presented and discussed first
followed by the results of numerical analysis. Figure 4 shows the failed panels.

The panel tested under four-point bending failed by forming inclined shear
cracks wherein the panel tested under punching load failed by forming flexural
cracks in bottom wythe. It is noted that slabs are not generally governed by the
shear faiure. Nevertheless, it is found from the present experimental study that the
concrete sandwich panel failed by forming inclined cracks that tend to join loading
point and nearest support. After formation of the inclined cracks, when the applied
load is increased, the width of the inclined crack increased without forming new
flexural cracks in the panel. In the case of panel tested under punching load,
horizontal cracks along the longitudinal direction at EPS–concrete interface were

Four-Point Bending

Punching
load

Fig. 4 Tested panels
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seen. These cracks may be attributed due to negative bending moment developed
due to homogenous casting of concrete cover at sides of the panels. The side
concrete cover provided partial restraint when top wythe tends to bend along the
transverse direction due to punching load. No such cracks were seen in the panel
subjected to four-point bending. It is also observed that even though the con-
struction details of both the panels tested are same, ultimate load and ultimate
bending moment resisted by the panels under different loading conditions are not
same. In general, these observations indicate that the failure mode and flexural
behavior of concrete sandwich panels are dependent on type of loading conditions.
Figure 5 shows load-deflection curves obtained from the experiments.
Corresponding moment–deflection curves are also shown in Fig. 5.

From Fig. 5, it is observed that the panel behavior under both loading conditions
considered may be assumed as linear up to 8-kN of applied load magnitude beyond
which they behaved nonlinearly until failure. Comparison of load–deflection
responses obtained from the experimental and numerical analysis is shown in Fig. 6.

In general, it is observed that the numerical analysis is able to predict the
different flexural behavior of concrete sandwich panels under different loading
conditions. However, it is to be noted that the finite element models are stiffer
compared to experimental analysis. The reasons for this may be attributed to
micro-cracks, and possible creep and shrinkage cracks present in panels tested are
not considered in the models. Also, possible weld failure at nodes where wire mesh
and shear connectors are not considered in finite element models.

In numerical analysis, the tensile strength of concrete was chosen so as to get
load-deflection response closer to experimental results. This is due to the fact that
the concrete wythes are thin compared to the prism used to determine the flexural
strength of the concrete. Also, it is reported that, reduction in tensile strength of

Fig. 5 Load–deflection curves
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concrete is expected due to size effect [18]. The plastic strain distributions that
represent cracking pattern in the panels are shown in Fig. 7.

5 Summary and Conclusions

Experimental and numerical studies carried out to understand the flexural behavior
of concrete sandwich panels under different loading conditions such as four-point
bending and punching load are presented and discussed in this paper. Experimental
study indicated that the flexural behavior of concrete sandwich panels is signifi-
cantly affected by the type of loading conditions. The panel tested under punching
load failed by forming flexural cracks whereas the panel tested under four-point
bending failed by forming inclined shear cracks. Numerical studies indicated that
the finite element models developed are able to predict the load–deflection
responses of the panels under different loading conditions comparable to experi-
mental results. Further experimental and numerical studies are required in this area
toward developing general design guidelines.

Fig. 6 Comparison of experimental and numerical load–deflection responses
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(a) Four-Point Bending Test (Top Wythe) 

(b) Four-Point Bending Test (Bottom Wythe) 

(c) Punching Load Test (Top Wythe) 

(d) Punching Load Test (Bottom Wythe) 

Fig. 7 Plastic strain
distributions obtained from
numerical analysis
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Bond Behaviour of Externally
Bonded FRP Under Cyclic Loading

G. Ramesh, Ravindra Gettu and B. H. Bharatkumar

Abstract Strengthening of concrete structures through external bonding of
fibre-reinforced polymer (FRP) composites has become a popular technique due to
its advantages such as strength-to-weight and stiffness ratios, etc. In this investi-
gation, a test method similar to RILEM TC-RC5 (used to evaluate the bond strength
of rebars in concrete) is extended to evaluate bond behaviour of externally bonded
FRP sheets. In the present study, experimental investigations on two types of FRP
composites (with carbon and glass fibres) have been carried out, and the tensile
force on the FRP versus bond–slip response has been evaluated. Both monotonic
and cyclic loadings have been carried out to study the envelope response and
debonding process for the chosen bond length and width. The average ultimate slip
for CFRP and GFRP for selected bond length under monotonic loading was 2.28
and 2.03 mm, respectively, and in the case of cyclic loading was 1.95 and
1.76 mm, respectively. The reduction in the bond–slip under cyclic loading is due
to partial debonding of FRP during repeated loading and unloading cycles.

Keywords Bond cyclic � Envelope curve � Bond–slip � Epoxy-concrete interface
Debonding

1 Introduction

Externally bonded fibre-reinforced polymer (EBFRP) laminates or sheets have been
used for strengthening, repair, and retrofitting for more than three decades. EBFRP
sheets have benefits such as high strength-to-weight ratio, high stiffness-to-weight
ratio, corrosion resistance, easy handling and can be moulded into any shape. The
failure of the FRP strengthened RC flexural member is often controlled by the
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debonding (peeling of the fibre) of FRP from the concrete substrate rather than by
crushing of concrete or by tensile rupture of FRP [1–5]. Since the behaviour of
EBFRP strengthened members depends on the bonding of FRP to concrete interface
and the characteristics of the concrete substrate, it is useful to characterize the bond
response adequately.

Many available test methods for the evaluation of FRP bond behaviour are based
on single and double shear pull out type of tests [6–10], which do not simulate
flexure. To overcome this limitation, a method similar to RILEM TC-RC5 [11–14]
(used to evaluate bond strength of rebar in concrete) is used in the present inves-
tigation to evaluate the bond behaviour of EBFRP sheets. In this study, the effect of
cyclic loading on bond behaviour of FRP strengthened elements has also been
evaluated. The experimental results are used to compare the bond behaviour of
carbon and glass fibre sheets at the FRP-concrete interface under monotonic and
cyclic loading.

2 Experimental Details

2.1 Materials Used

CFRP and GFRP sheets with unidirectional fibres were used in the study along with
the epoxy resin recommended by the manufacturer. The fibre properties given by
the manufacturer are shown in Table 1. Steel fibre-reinforced concrete, with a
characteristic compressive strength of 50 MPa, was used in this study to cast the
test specimens; the steel fibres were used to prevent diagonal shear cracking of the
concrete.

Before bonding the FRP to the concrete, the surface was roughened with a
powered wire brush. The initial primer coat was applied over the bonded surface to
fill the voids and make the surface even. The fibre sheets were saturated with the
prescribed epoxy, and the saturated sheet was pressed on to the concrete surface.
The pressure was applied using a ribbed roller to ensure the penetration of epoxy
between the fibres.

Table 1 Properties of fibres Data are given by the manufacturer E-glass Carbon

Thickness of the fibre, gsm 900 230

Modulus of elasticity, kN/mm2 73 240

Tensile strength, N/mm2 3400 3800

Density, g/cm3 2.6 1.7

Ultimate strain, % 4.5 1.6
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2.2 Test Details

The method proposed by RILEM TC-RC5 [7] for assessing bond characteristics of
conventional steel rods was adopted with minor modifications in the size of the test
specimens. The geometry, test configurations, and schematic of bonded region are
shown in Fig. 1. Two separate concrete blocks, designated as A and B, are inter-
connected by means of a mild steel hinge arrangement located at the central portion
of the specimen. At the bottom portion of the specimen, 50-mm-wide FRP com-
posites are bonded over a length of 100 mm. The test region was always kept in
block A in this investigation, whereas the FRP bonded to block B is firmly fixed to
trigger the failure in the bonded region of A only. The test specimen is placed in a
three-point bending frame with a load capacity of 500 kN under piston displace-
ment control mode. The rate of loading was about 0.05 mm/min until failure.

Figure 2 shows the typical test setup. The FRP was instrumented with four strain
gauges of 5 mm length at the locations referred to as S1, S2, S3, and S4 (see
Fig. 3). Two linear variable differential transformers (LVDTs) with 25 mm span
were used for measuring the loaded end slip. In this study, slip refers to the
movement of the FRP sheet relative to the concrete. The cyclic test methodology
involves two loading and two unloading cycles at each strain level. In this pro-
gramme, the signal from one of the strain gauges fixed in the bonded zone was used
as the controlling parameter for the loading and the reloading cycles. The specimen
was loaded until the strain of SG1, the first strain gauge (i.e., nearest to the hinged
face), reached a value of 1000 microstrains then unloaded. The reloading point for
each unloading cycle was about 1.0 kN. Two loading and two unloading cycles
were performed before continuing the loading until 2000 microstrain, when the
unloading-reloading is repeated. So on, for every 1000 microstrain increment, till
the subsequent strain guage SG2 reaches 1000 microstrain. When the strain of SG2,
the second strain gauge, reaches the strain level of 1000 microstrains, subsequent

Fig. 1 Specimen geometry and test configuration of modified RILEM TC-RC-5 (1982)
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cycles were done on the basis of the strain in the second gauge. This was continued
till the strains in SG3 and SG4, the third and fourth strain gauges, reached 1000
microstrains. All the sensors were monitored with a data logger.

3 Discussions of Test Results

3.1 Failure Pattern (Cyclic)

The failure in CFRP-bonded specimens in Series I (with 100 mm bond length) was
by peeling and some cracking of the FRP, with debonding in the adhesive layer or
in the concrete. Typical debonded specimens can be seen in Fig. 4. Failure occurred
along the FRP-epoxy interface or along the concrete-epoxy interface. The
CFRP-bonded specimen failed suddenly with an explosive sound, while in the
GFRP-bonded specimens, the failure was progressive. The debonded surfaces are
shown in Figs. 4 and 5. The failure in CFRP-bonded specimens was peeling and
fracture of FRP with explosive sound, while the failure in GFRP-bonded specimen
was progressive debonding.

Fig. 2 Closer view of test setup
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Fig. 3 Typical positioning of strain gages for 100 mm bond length and 50 mm bond width

Fig. 4 Failure in CFRP-bonded specimens (50-100-C)

Fig. 5 Failure in GFRP-bonded specimens (50-100-G)
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3.2 Monotonic Result Tensile Pullout Force on FRP—
Bond–Slip Behaviour

Parameters such as the average maximum tensile force on fibre, peak bond shear
stress or bond strength (sumax) and average ultimate deflection for each series of
specimens have been obtained and reported in Table 2. Figures 6 and 7 show the
load-bond–slip behaviour of the CFRP- and GFRP-bonded specimens. The average
data from the two LVDTs are used to calculate the bond–slip. It was seen that the
average ultimate slip was higher for carbon FRP when compared to glass FRP; the
ultimate slip for CFRP is 2.28 mm and for GFRP is 2.03 mm. The average bond
pullout force developed, from the three tests, for CFRP is 214 N/mm and for GFRP
is 226 N/mm.

3.3 Cyclic Result Tensile Pullout Force
on FRP—Bond–Slip Behaviour

Figures 8 and 9 show the evolution of the cyclic bond–slip at the loaded end and
the tensile force on FRP. Parameters such as the average maximum tensile force on
fibre, peak bond shear stress or bond strength (sumax) and average ultimate
deflection for each series of specimens have been obtained and reported in Table 2
From the experimental bond versus slip curve, it is observed that the curve consists
of three regimes. The first part is linear up to a load level of 50–60% of the
maximum load attained from the specimen. The tensile force versus slip response
has an initial linear regime up to about 6 kN, after which the load increases with a
decreasing slope until failure occurs. Beyond that, there is some nonlinearity, at
which stage debonding starts from the loaded end. Subsequently, complete
debonding occurs throughout the bond length. In the final stage, sudden failure
occurs. The maximum tensile force on unit width of CFRP and GFRP was 214 and
226 N/mm, respectively, under monotonic loading and was 212 and 223 N/mm,
respectively, under cyclic loading. The influence of cyclic loading is not affecting
the tensile forces on FRP much in both the glass and carbon fibres. The tensile force

Table 2 Parameters of experimental bond–slip loads for monotonic and cyclic loading (mean and
std. deviation)

Series Specimens Maximum tensile force on unit
width of FRP (N/mm)

Bond strength
(MPa/mm)

Bond–slip,
df (mm)

I (mono) 50-100-C-1,2,3 214±0.02 0.042±0.02 2.28±0.22

II (mono) 50-100-G-1,2,3 226±0.81 0.045±0.16 2.03±0.46

I (cyc) 50-100-C-1,2,3 212±0.01 0.041±0.004 1.95±0.05

II (cyc) 50-100-G-1,2,3 223±0.02 0.044±0.002 1.76±0.08
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Fig. 6 Tensile force on FRP with slip in CFRP-bonded specimens

Fig. 7 Tensile force on FRP with slip in GFRP-bonded specimens
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Fig. 8 Cyclic tensile force on FRP with slip in CFRP-bonded specimens

Fig. 9 Cyclic tensile force on FRP with slip in GFRP-bonded specimens
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on FRP is not influenced by the type of FRP. This may be due to the fact that the
bond behaviour is fully dependent on the interface between the concrete and epoxy.

The average ultimate slip for CFRP and GFRP under monotonic loading was
2.28 and 2.03 mm, respectively, and in the case of cyclic loading was 1.95 and
1.76 mm, respectively. From the experimental observations, it was found that there
was a reduction in bond–slip under cyclic loading which is due to partial debonding
of FRP due to repeated loading and unloading cycles. The unloading and reloading
cycles in this investigation were performed in the pre-peak and post-peak regime to
study the bond–stiffness degradation. Stiffness is defined as the slope of the line
connecting the points corresponding to the beginning of the unloading and
reloading. Bond stiffness is purely governed by friction between the bond surface
(concrete), FRP fibre, and the epoxy interface. In the pre-peak region, there is no
much degradation in stiffness in the both carbon and glass fibres in the unloading
and reloading cycles. In the pre-peak, the number of cycles is not having any
influence on debonding due to cyclic loading. The residual bond–slip in the
unloading and reloading is minimal for the chosen bond length and width. After
reaching the post-peak, the stiffness decreases significantly. This can be attributed
to the progressive debonding of the CFRP epoxy and epoxy-concrete interfaces up
to the peak force. At that stage, bond between the bond surface and FRP loses
friction leads to increase in the bond–slip.

The cyclic tensile force on the fibre versus bond–slip curve traces the monotonic
curve till failure in both the carbon and glass fibre. In the strain-based cyclic
loading, the tensile force on FRP versus bond–slip traces the monotonic response.
In the case of the CFRP-to-concrete joints, for the same cyclic behaviour, lower
maximum slip values were observed for GFRP-bonded joints. Similar behaviour is
observed for the monotonic specimens in GFRP. The effect of repeated loading and
unloading leads to decrease in maximum ultimate slip for both the CFRP- and
GFRP-bonded joints for the selected bond length and width. Similar observations
were made by Ko and Sato [15] that the monotonic response envelope coincides
with the cyclic curves; they also observed that plastic displacement and reduction in
stiffness were observed due to partial debonding imposed by repeated unloading
and reloading cycles. In terms of bond–slip GFRP, bonded specimens shows sig-
nificant improvement compared to the CFRP specimens in both the cyclic and
monotonic loading.

3.4 Envelope Curve

Figures 10 and 11 show the cyclic response in terms of the tensile force per unit
width of FRP versus bond–slip along with the monotonic response. It can be seen
that there is a close correspondence between the load envelope obtained from the
monotonic tests and the cyclic response. The envelope curve of cyclic response in
terms of tensile force per unit width of FRP versus bond–slip follows the monotonic
response till 90% of failure load.
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Fig. 10 Cyclic and static tensile force versus with slip in CFRP-bonded specimens

Fig. 11 Cyclic and static tensile force versus with slip in GFRP-bonded specimens
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4 Cyclic Strain Distribution of CFRP- and
GFRP-Bonded Specimens

Figures 12 and 13 show the tensile force on FRP per unit width versus strain plot of
both CFRP- and GFRP-bonded specimens. Strain cycle and the increment of
successive strains from all four strain gauges observed during first strain cycles at
1000 le interval in the first strain gauge reach about 60–70% of debonding force on
FRP, and subsequent debonding of FRP sheet (50-100-C) is reported till the second
strain gauge reaches the 1000 le target. Similarly, strain evolution during second
strain gauge 1000 le interval cycles at 85% of debonding force and subsequent
debonding for FRP sheet is reported in till the third strain gauge reaches the
1000 le interval. In the third strain gauge, 1000 le strain cycle the debonding force
is 95% of the tensile force on FRP. Finally, the fourth strain gauge reaches less than
500–700 le complete debonding occurred in the FRP sheet. FRP strains are very
regular showing an exponential decay starting from the loaded section. From the
strain distribution, it can be seen that, at early stages of loading, the curves show
linear behaviour in the loaded end. It can be assumed that bond failure begins
immediately after the point when the curve becomes parabolic shape and leads to
uniform distribution of bond stress along the CFRP and GFRP sheet. As expected,

Fig. 12 Typical cyclic experimental tensile force on FRP per unit width versus strain for
externally bonded CFRP specimens
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the ultimate slip of CFRP sheet is higher with respect to GFRP ones, but the tensile
force on FRP observed during the strain cycles is comparable with that seen under
monotonic loading.

5 Conclusions

A simple beam bending test was designed for evaluation of FRP bond behaviour by
modifying the RILEM TC-85 recommendation for rebar bond test. The following
conclusions were drawn from the study carried out for selected bond length and
width of FRP bonding under monotonic and cyclic loading:

• The failure in CFRP-bonded specimens was peeling and fracture of FRP with an
explosive sound, while the failure in GFRP-bonded specimen was progressive
debonding.

• The maximum tensile force on unit width of CFRP and GFRP was 214 and
226 N/mm, respectively, under monotonic loading and was 212 and 223 N/mm,
respectively, under cyclic loading. The tensile force on FRP is not influenced by
the type FRP. This may be due to the fact that the bond behaviour fully is
dependent on the interface between the concrete and epoxy.

Fig. 13 Typical cyclic experimental tensile force on FRP per unit width versus strain for
externally bonded GFRP specimens
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• The average ultimate slip for CFRP and GFRP under monotonic loading was
2.28 and 2.03 mm, respectively, and in the case of cyclic loading was 1.95 and
1.76 mm, respectively. The lower slip under cyclic loading is due to partial
debonding of FRP due to repeated loading cycles.

• The envelope curve of cyclic response in term of tensile force per unit width of
FRP versus bond–slip follows the monotonic response till 90% of failure load.

Acknowledgements The author acknowledges the help rendered by the technical staff of
Advanced Materials Laboratory, CSIR-SERC.

References

1. Jones R, Swamy RN, Bloxham J, Bouderbalah A (1980) Composite behavior of concrete
beams with epoxy bonded external reinforcement. Int J Cement Compos 2(2):91–107

2. Van Gemert DA (1980) Repairing of concrete structures by externally bonded steel plates.
Int J Adhes 2:67–72

3. Oehlers DJ, Moran JP (1990) Premature failure of externally plated reinforced concrete
beams. J Struct Eng 116(4):978–995

4. Quantrill RJ, Hollaway LC, Thorne AM (1996) Experimental and analytical investigation of
FRP strengthened beam response: part I. Mag Concr Res 48(177):331–342

5. Triantafillou TC, Plevris N (1992) Strengthening of RC beams with epoxy-bonded
fiber-composite materials. Mater Struct 25:201–211

6. Chajes MJ, Finch WW Jr, Januszka TF, Theodore Thomson A Jr (1996) Bond and force
transfer of composite material plates bonded to concrete. ACI struct 93(2):209–217

7. RILEM TC-RC5 (1982) Bond test for reinforcement steel. 1. Beam test. Mater Struct
6(32):213–217

8. Yao J, Teng JG, Chen JF (2005) Experimental study on FRP-to-concrete bonded joints.
J Compos Eng, Part-B 36(2):99–113

9. Brosens K, Van Gemert D (1997) Anchoring stresses between concrete and carbon fibre
reinforced laminates. In: Non-metallic (FRP) reinforcement for concrete structures, vol 1.
Japan Concrete Institute, pp 271–278

10. Bizindavyi L, Neale KW (1999) Transfer lengths and bond strengths for composites bonded
to concrete. J Compos Constr 3–4:153–160

11. De Lorenzis L, Miller B, Nanni A (2001) Bond of FRP laminates to concrete. ACI Mater 98
(3):256–264

12. Miller B, Nanni A (1999) Bond between carbon fiber reinforced polymer sheets and concrete.
In: Bank LC (ed) Proceedings ASCE 5th materials congress, New York, pp 240–247

13. Harmon TG, Kim YJ, Kardos J, Johnson T, Stark A (2003) Bond of surface-mounted
fiber-reinforced polymer reinforcement for concrete structures. ACI Struct J 100(5):557–564

14. Ramos G, Casas JR, Alarcón A (2006) Normalized test for prediction of debonding failure in
concrete elements strengthened with CFRP. J Compos Constr 10(6):509–519

15. Ko H, Sato Y (2007) Bond stress–slip relationship between FRP sheet and concrete under
cyclic load. J Compos Constr 11(4):419–426

Bond Behaviour of Externally Bonded FRP Under Cyclic Loading 795



Exact Analysis of Layered Plates Using
Mixed Form of Hooke’s Law

Ambadas Waghmare, Daniel Koothoor, Dhruv Shah, Kinal Bid,
Raghav Agarwal, Rahul Ghadwal, Snehal Sonawane, Viraj Sanghvi
and Abhay Bambole

Abstract Recent applications of composite materials involve the use of
thick-section layered and/or sandwich construction. The complexities of composite
materials demand extensive analysis techniques to predict the reliable response of
even the simplest of loading conditions. Various theories have been developed for
exact analysis of laminated composite plates. The present analysis of laminated
plate is based on Mixed Form of Hooke’s Law. This approach leads one to write the
boundary conditions on the top and bottom surfaces of the plate directly in terms of
transverse stresses. The advantage of this theory is that equilibrium conditions and
other boundary conditions can be enforced in a simplistic manner so that realistic
behavior of layered plates can be predicted.

Keywords Exact analysis � Mixed form of Hooke’s Law

1 Introduction

Fiber-reinforced layered composites are often used in structural members due to
better stiffness-to-weight and strength-to-weight ratios than those of conventional
monolithic materials. The advantages of layered plates are their high
strength-to-weight and stiffness-to-weight ratios, high thermal stability, excellent
resistance to environmental and corrosion attack, and high fatigue strength. In
addition, these materials can be concurrently designed while designing the struc-
ture. However, inherent complexities of composite materials call for detailed
analysis techniques to measure the response to different loading conditions.
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Exact three-dimensional analysis and solutions for simply supported layered
plates are of integral importance to predict the exact stresses and displacements of
the plates. Moreover, these solutions can be used to validate the accuracy of other
numerical methods, such as Finite Element Method as presented by Demasi [1].

Various theories and models have been developed from classical plate theory,
shear deformation theories, layerwise theories, and elasticity solutions to 3-D
continuum theories for stress analysis of laminated composites and sandwich plates.
Kant et al. [2] formulated a two-point boundary value problem for a
three-dimensional (3-D) laminate. The problem was governed by a set of first-order
coupled ordinary differential equations in terms of displacements and the transverse
stresses through the thickness of the laminate. Vinson and Chou [3] and Reddy [4]
have presented a historical account of the anisotropic plate analysis using classical
and shear deformation theories. A detailed review of the literature related to the
structural mechanics of composite plates was presented by Bert and Francis [5],
Reddy [4], Mallikarjuna and Kant [6], Altenbach [7], Ghugal and Shimpi [8].
Srinivas et al. [9] have presented elasticity solutions for flexure and free vibration of
three-ply laminated plates with isotropic lamina. Srinivas and Rao presented a
unified theory for exact solutions of simply supported thick orthotropic rectangular
plates and laminates.

This paper compares and validates the results obtained for rectangular
single-layered isotropic plates by Mixed Form of Hooke’s Law (MFHL) with the
analysis of the same by Classical Laminated Plate Theory and addresses exact
solution of five-layered isotropic plate subjected to sinusoidal loads.

1.1 Advantages of MFHL

Mixed Form of Hooke’s Law helps to evaluate the stresses and displacements of the
layered plates by simplifying the stress–strain relation. Boundary conditions are
utilized for known input values, to determine the unknown stresses and strains.
MFHL not only incorporates displacement conditions, but also interlaminate
transverse stress equilibrium and in-plane strains continuity conditions along with
surface boundary conditions, implicitly. Thus, MFHL gives accurate results.

2 Theoretical Formulation

A laminate composed of a number of isotropic, linear elastic laminae of uniform
thicknesses with plan dimension a � b, and thickness ‘h’ is considered (Figs. 1 and
2) bounded by the coordinate planes x = 0, a, y = 0, b, and z = −h/2, h/2. The plate
composed of a finite number L of homogeneous layers symmetrically disposed with
respect to the mid-plane. The layers are considered perfectly bonded. The material
of each constituent layer is linearly elastic and isotropic. A normal traction rz = Pz
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(x, y) is applied on top surface. Let u(k)(x, y, z), v(k)(x, y, z), w(k)(x, y, z) denote the
displacement components of a material point located at (x, y, z) in the kth layer of a
general laminated plate in the x-, y-, and z-directions, respectively.

Using geometric relations, MFHL becomes:

rp
en

� �
¼ Cpp Cpn

Cnp Cnn

� �
ep
rn

� �
ð1Þ

On expanding,

rxx

ryy

rxy

@uz
@x þ @ux

@z

@uz
@y þ @uy

@z

@uz
@z

2
666666666666664

3
777777777777775

¼

C11

C12

0

0

0

�C13

C12

C22

0

0

0

�C23

0

0

C66

0

0

0

0

0

0

C55

0

0

0

0

0

0

C44

0

C13

C23

0

0

0

C33

2
6666666666664

3
7777777777775

@ux
@x

@uy
@y

@ux
@y þ @uy

@x

rxz

ryz

rzz

2
66666666666664

3
77777777777775

ð2Þ

The displacements and stresses are expressed as a combination of trigonometric
functions as given below:

Fig. 1 Simply supported
plate
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uk = displacements,

sk = stresses varying across thickness: rxz;ryz;rzz;
ukx x; y; zk
� � ¼ xUk zk
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The applied pressure at the top surface of the plate is:
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where ‘t’ denotes the top of the layer.
Governing Equation: Because of the variable separability equilibrium, equation

can be simplified as below:

dUk

dz
dSk
dz

" #
¼ dXk

dz
¼ Ak:Xk ð6Þ

Fig. 2 Laminated/
sandwiched plate coordinates
system and subjected to
bi-directional sinusoidal
loading
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To obtain the displacements and stresses of the laminate, the continuity and
equilibrium conditions at the interfaces and the transverse stress boundary condi-
tions at the faces surfaces must be satisfied. There are two sets of internal boundary
conditions at each interface between the kth and (k + 1)th layers:

(1) The continuity of displacements

u kð Þ x; y; zð Þ ¼ u kþ 1ð Þ x; y; zð Þ
uky x; y; zk
� � ¼y Uk zk

� �
Smpxa Cnpy

b

ukx x; y; zk
� � ¼x Uk zk

� �
Cmpx
a Snpyb

9=
; ð9aÞ

(2) The continuity of transverse stresses

r kð Þ
z x; y; zkð Þ ¼ r kþ 1ð Þ

z x; y; zkð Þ
s kð Þ
xz x; y; zkð Þ ¼ s kþ 1ð Þ

xz x; y; zkð Þ
s kð Þ
yz x; y; zkð Þ ¼ s kþ 1ð Þ

yz x; y; zkð Þ

9>=
>; ð9bÞ

Xk
��
z¼zkt

¼ Xkþ 1
��
z¼zkþ 1

t
ð10Þ

Equation (8) is solution for one layer. For five layers, the total solution is
obtained by superimposing. It will involve 30 constants. These constants can be
found out from boundary condition:

(a) Displacements and transverse stresses are continuous at the interface. There are
6 * 4 = 24 equations.

(b) Stresses at bottom surface = 0. This gives 3 equations.
(c) Stresses at top surface: one known and other two equal to zero. This gives 3

equations.

It will create a 30 * 30 simultaneous equation.
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3 Numerical Results and Discussions

Based on concept of Mixed Form of Hooke’s Law, formulations have been
attempted for multilayer laminated plates under bi-directional bending subjected to
sinusoidal load. Formulations are applicable to ‘N’ lamina of isotropic laminate
subjected to sinusoidal load at any location at top surface. Results obtained from the
present formulation have been compared with the available results.

�u ¼ u
E

p0hS3
;�v ¼ v

E
p0hS3

; �w ¼ w
100E
p0hS4

ð11Þ

Illustrative numerical examples considered in the present work are discussed
next.

Example 3.1 Simply supported single layer (b = 3a) isotropic plate subjected to
sinusoidal loads has been investigated. Transverse displacement (w) for aspect
ratios S = 4, 10, 20 has been presented in Figs. 3, 5, and 7, respectively.
Simultaneously, variation of the in-plane normal stresses (rx) thickness for aspect
ratio S = 4, 10, 20 has been shown in Figs. 4, 6, and 8, respectively. Maximum
values of stress resultants and displacements for various aspect ratios have been
tabulated in Tables 1, 2, and 3, respectively. Results obtained using present

Fig. 3 Displacement
(w) along thickness using
CPT and MFHL for isotropic
single-layered plate (b = 3a)
subjected to sinusoidal
loading with aspect ratio
S = 4
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formulation are comparable with Classical Plate Theory solutions, thereby valida-
tion of logic is attained. Material properties: E = 25 GPa; m = 0.25. The graphical
representation of normalized displacement ð�wÞ with aspect ratio is shown in Fig. 9.

The following results pertain to the analyses based on MFHL run through
MATLAB and the Classical Plate Theory S = 4, S = 10, S = 20.

Fig. 4 In-plane stress along
thickness using PT and
MFHL for isotropic
single-layered plate (b = 3a)
subjected to sinusoidal
loading with aspect ratio
S = 4

Fig. 5 Displacement
(w) along thickness using
CPT and MFHL for isotropic
single-layered plate (b = 3a)
subjected to sinusoidal
loading with aspect ratio
S = 10
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Example 3.2 Simply supported five-layered isotropic plate (b = 3a) and E1/
E2 = 25, m = 0.25 subjected to sinusoidal loads has been investigated. Transverse
displacement (w) for aspect ratios S = 20 has been presented in Fig. 10.
Simultaneously, variation of the in-plane normal stresses and transverse stresses
through the thickness for aspect ratio S = 20 has been shown in Figs. 11, 12, 13 and
14.

The following results pertain to the analyses based on MFHL run through
MATLAB and the Classical Plate Theory for S = 20.

Fig. 6 In-plane stress along
thickness using CPT and
MFHL for isotropic
single-layered plate (b = 3a)
subjected to sinusoidal
loading with aspect ratio
S = 10

Fig. 7 Displacement
(w) along thickness using
CPT and MFHL for isotropic
single-layered plate (b = 3a)
subjected to sinusoidal
loading with aspect ratio
S = 20
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4 Conclusion

MFHL formulation for 3-D analysis of layered simply supported rectangular plate
and multilayer plate has been developed.

Detailed study of the response of isotropic simply supported rectangular plate
and multilayer plate subjected to sinusoidal load revealed for small aspect ratios the
response is predominantly 3-D.

Fig. 8 In-plane stress along
thickness using CPT and
MFHL for isotropic
single-layered plate (b = 3a)
subjected to sinusoidal
loading with aspect ratio
S = 20

Table 1 MFHL and CPT
results for single layer for
S = 4

Method Displacement (w) (m) In-plane stress (rxx) (Pa)

MFHL 1.15 � 10−9 8.244

CPT 1.41 � 10−9 13.735

Table 2 MFHL and CPT
results for single layer for
S = 10

Method Displacement (w) (m) In-plane stress (rxx) (Pa)

MFHL 3.845 � 10−8 50.64

CPT 4.56 � 10−8 85.5

Table 3 MFHL and CPT for
single layer for S = 20

Method Displacement (w) (m) In-plane stress (rxx) (Pa)

MFHL 6.02 � 10−7 200

CPT 8.81 � 10−7 343.584
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As the aspect ratio goes on increasing, the behavior of plates tends to 2-D
analysis, which converges with the results obtained from CPT.

Thus, importance of accurate evaluation of 3-D stress state of layered isotropic
plates has been established from the results.

Fig. 10 Displacement (w) along thickness using MFHL for S = 20 for isotropic five-layered plate
(b = 3a) subjected to sinusoidal loading

Fig. 9 Variation of the normalized transverse displacement ð�wÞ with aspect ratio for isotropic
single-layered plate (b = 3a) subjected to sinusoidal loading
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Fig. 11 In-plane stress rxx along thickness using MFHL for S = 20 for isotropic five-layered plate
(b = 3a) subjected to sinusoidal loading

Fig. 12 In-plane stress ryy along thickness using MFHL for S = 20 for isotropic five-layered plate
(b = 3a) subjected to sinusoidal loading

Exact Analysis of Layered Plates Using Mixed Form of Hooke’s Law 807



Fig. 13 Transverse normal stress rzz along thickness using MFHL for S = 20 for isotropic
five-layered plate (b = 3a) subjected to sinusoidal loading

Fig. 14 Transverse shear stress sxz along thickness using MFHL for S = 20 for isotropic
five-layered plate (b = 3a) subjected to sinusoidal loading
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Hydroelectric Flow Optimization
of a Dam: A Kriging-Based Approach

Subhadip Biswas, Souvik Chakraborty, Rajib Chowdhury
and Indrajit Ghosh

Abstract This paper presents a novel approach for hydroelectric flow optimiza-
tion. The proposed approach integrates Kriging into the framework of genetic
algorithm (GA). This coupling reduces the computational effort associated with
conventional GA without affecting the accuracy. The proposed approach has been
used for hydroelectric flow optimization. For the model considered, revenue gen-
erated is dependent on (a) hourly turbine flow, (b) hourly spill flow, (c) hourly
electricity price and (d) storage level of reservoir. Two case studies have been
performed by varying the simulation time considered. For the first case, the sim-
ulation is run for 50 h. It is observed that the proposed approach yields accurate
result at significantly reduced computational cost. On contrary for the second case,
the simulation is run for 20 days. Due to huge computational cost involved, it was
not possible to generate benchmark solution. Hence, only the results obtained using
the proposed approach have been reported. The results obtained are indicative of
the fact that the proposed approach can be utilized for optimization of large-scale
system from an affordable computational cost.
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1 Introduction

Optimization is basically a process to adjust some specified set of parameters
without violating certain constraints so that the outcome parameter gets maximized
or minimized. Optimization technique is widely utilized in various research fields
[1, 2]. A number of optimization techniques that are available in the literature [3]
can be classified roughly into two basic forms: (a) conventional optimization
techniques (Taguchi method, response surface method, iterative mathematical
search technique, etc.) and (b) non-conventional optimization techniques (Heuristic
search technique, genetic algorithm, Tabu search, simulated annealing, etc.). The
selection of the right technique could be case specific since each of them holds
certain advantages under specific circumstances.

Hydroelectric flow optimization of a dam, the prime objective of the study, is a
large-scale problem and involves multiple factors which govern the eventual rev-
enue generated by the hydroelectric dam. The present study has adopted a novel
approach based on Kriging surrogate for modelling the hydroelectric flow.
Compared to conventional techniques, Kriging has the following advantages:

(i) Kriging performs a bi-level approximation: first on a global scale by using
the trend function (polynomial part) and second on a local scale by using an
appropriate covariance function [4, 5]. Naturally, the results predicted using
Kriging are more accurate as compared to conventional approaches.

(ii) Kriging provides the best linear unbiased estimator [6].
(iii) Last but not least, the number of data set required in Kriging is significantly

less compared to other conventional approaches [6].

These are the reasons for wide acceptance of Kriging model in the field of
structural reliability [5–7], and also it is gaining popularity in some other research
domains [8–10]. In the present study, an approach based on Kriging coupled with
genetic algorithm (GA) has been adopted in order to optimize the hydroelectric flow.

2 Proposed Approach

In this section, the proposed approach has been presented. However, before going
into the details of the proposed approach, a brief description of Kriging has first
been presented.

2.1 Kriging Technique

Theoretical basis for Kriging was first proposed by Krige [11] and subsequently
extended by Matheron [12] and Cressie [13]. In the beginning, Kriging was an
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interpolation technique where the interpolated values are modelled as a Gaussian
process governed by prior covariances. This segment is devoted to briefly describe
the Kriging approximation model. It is to be noted that universal Kriging has been
utilized in this work. In the first section, the concept regarding constructing a
Kriging approximate model is described and then use of the model in predicting
response at an unknown input is discussed in the subsequent section.

2.1.1 Construction of Kriging Model

Before developing the model, one should have a set of experimental points of
design variables x and corresponding responses y(x) given as:

x ¼
x11 x12 � � � x1p
x21 x22
..
. . .

. ..
.

xn1 � � � xnp

2
6664

3
7775 & yðxÞ ¼

y1ðxÞ
y2ðxÞ
..
.

ynðxÞ

2
6664

3
7775 ð1Þ

where p and n are the number of design variables and the number of experiments,
respectively. In order to model the deterministic response, Sacks et al. [14] sug-
gested the following model (Eq. 2).

YðxÞ ¼ fTðxÞbþZðxÞ ð2Þ

The model considers regression fT(x)b, as well as stochastic process Z(x) capturing
local variations to arrive at more accurate prediction of the response. In the model,
fðxÞ = ff1ðxÞ; f2ðxÞ; . . ..; fmðxÞgT denotes the functional vector and b ¼
b1; b2; . . ..; bmf gT denotes the coefficient vector, where m is the number of basic

function of x. Z(x) is the covariance of Gaussian stationary process represented as:

ZðxÞ ¼ Covðxi; xjÞ ¼ r2Rðxi; xjÞ; i; j ¼ 1; . . .::; p ð3Þ

r2 in Eq. (3), is the process variance and R(xi, xj) is the correlation function
between two design variables xi and xj. Therefore in the process, the method
approaches towards estimation of two unknown parameters, b and r2 by means of
Eqs. (4) and (5), respectively.

b ¼ ðFTR�1FÞ�1FTR�1Y ð4Þ

r2 ¼ 1=nðY� FbÞTR�1ðY� FbÞ ð5Þ

Here F denotes the vector composed of f(x) values at each experimental point, and
R represents the correlation matrix including correlation functions R for all possible
combinations of experimental points:
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R ¼
Rðx1; x1Þ Rðx1; x2Þ � � � Rðx1; xnÞ
Rðx2; x1Þ Rðx2; x2Þ

..

. . .
. ..

.

Rðxn; x1Þ � � � Rðxn; xnÞ

2
6664

3
7775 ð6Þ

R(xi,xj) in Eq. (6) is the correlation function. It is widely acknowledged that the
performance of Kriging is dependent on the choice of correlation function. In the
present work, commonly used Gaussian correlation function is adopted. Details of
the available correlation functions and their performances are discussed in a study
conducted by Mukhopadhyay et al. [5].

2.1.2 Prediction of the Response Against Given Inputs

Second stage of the methodology deals with the prediction of the response(s) at new
set of design variables x using the model developed in previous stage.

yðxÞ ¼ fTðxÞbþ rTðxÞR�1ðY� FbÞ ð7Þ

b in Eq. (7), the coefficient vector is determined using Eq. (4). fT(x) is quantified by
putting the new set of values into the functional vector. rT(x) is a vector repre-
senting correlations between the new set of point x ¼ fx1; x2; . . ..; xpg and all given
experimental points (Eq. 8).

rTðxÞ ¼ fRðx; x1Þ;Rðx; x2Þ; . . ..;Rðx; xnÞg ð8Þ

R(x, xi) is defined by the product of the correlations between the individual
components of x and the components of xi as shown in Eq. (9).

Rðx; xiÞ ¼
Yp

k¼1

R xk; xki
� � ð9Þ

Thus, it is possible to predict the unknown responses at given sets of design
variables using Kriging technique. It is well accepted that regression is much
simpler compared to the present technique; however, advantage of the Kriging
method over commonly used regression lies in its accuracy to predict the responses.
In Kriging, the residuals of the regression model yðxÞ�fTðxÞb are interpolated to
arrive at more close predictions of the unknown responses.

2.2 Kriging-Based GA

The basic idea of the proposed Kriging-based generic algorithm is to first generate
an approximate objective and/or constraint function by using the Kriging approach
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and consequently use the GA to solve the problem. Incorporating Kriging within
the framework of GA enables the user to address high-dimensional problems with
reasonable computational effort. The steps involved are:

i. formulate approximate objective and constraint by using the Kriging,
ii. solve the problem by using GA.

It is to be noted that although GA has been considered in this study, the same
procedure is applicable with any other optimization tool.

3 Problem Definition

One of the most widely used source of electricity, accounting for 6% of world’s
energy supply and about 15% of the electricity generated is the hydropower [15].
Similar to wind energy, hydropower is also a renewable energy source and hence
can never be exhausted. A hydropower plant consists of a generator, a turbine, a
penstock and wicket gate. A schematic diagram of a typical hydroelectric dam is
shown in Fig. 1.

Present study considers a hydroelectric power plant featured with a reservoir
along with an inlet flow from a river to that reservoir. Inlet flow rate and the storage
level of the reservoir are predefined. There are two ways through which water can
exit the reservoir: either via spillway or through turbine. The water passing through
the turbine is utilized to produce electricity. Flow rates through both of the turbine
and the spillway can be controlled externally. The energy produced by the dam is
simply governed by the two factors: (a) the flow rate through turbine and (b) the
storage level of the reservoir. The storage level is again governed by three factors:

Fig. 1 Schematic diagram of hydroelectric dam
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(a) inflow rate, (b) flow through turbine and (c) flow through spillway. Additionally,
the price of electricity may also vary with time depending on several factors. With
this background, this paper aims to find the critical values of downstream flow rates
for the maximum revenue of the power plant. All the four factors influencing the
revenue of the hydroelectric dam are monitored on an hourly basis. Naturally, the
number of variables associated with the system varies depending on the time of
simulation. There is a constraint on the maximum flow that the turbine can handle
and hence,

0� ft ið Þ� f ai ; 8i ð10Þ

where fi denotes the flow at the ith hour and f ai denotes the maximum flow that the
turbine can handle. In this work,

f ai ¼ 25; 000 CFS ð11Þ

has been considered. Secondly, the total hourly flow from the reservoir should
exceed a predefined level, i.e.

ft ið Þþ fs ið Þ�DS ð12Þ

where fs denotes the flow through spillway and DS denotes the maximum allowed
hourly flow from the reservoir. In this work,

DS ¼ 500AF ð13Þ

has been considered. Thirdly, the difference between the hourly flow of two con-
secutive hours should be less than a predefined threshold, i.e.

ft ið Þþ fs ið Þ � ft i� 1ð Þ � fs i� 1ð Þð Þj j � e ð14Þ

where e is the allowed threshold. This constraint ensures there is no sudden change
in the storage level of the reservoir. In this work,

e ¼ 500 ð15Þ

has been considered. Fourthly, the storage of the reservoir should always be within
a specific limit. In this work,

50; 000� S� 100; 000 ð16Þ

has been considered. Here S denotes the storage level of the reservoir. The lower
threshold of S ensures that it is possible to continuously produce electricity. On
contrary, the upper limit ensures that there is overflow in the reservoir. Lastly, an
additional constraint that ensures that the storage levels of the reservoir at the start
and the end of the simulation should have the same level has been considered:
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S endð Þ ¼ S startð Þ ¼ 90; 000AF ð17Þ

This ensures that the hydroelectric plant can operate in a similar fashion beyond
the optimization period. Combining all the above-mentioned equations, the opti-
mization problem reads:

arg max R ft; fsð Þ
s:t: 0� ft ið Þ� 25; 000; 8i

ft ið Þþ fs ið Þ� 500
D ft ið Þþ fs ið Þ � ft i� 1ð Þ � fs i� 1ð Þð Þj j � 500
50; 000� S� 100; 000
S endð Þ ¼ 90; 000

ð18Þ

where R denotes the revenue generated.
In order to illustrate the performance of the proposed approach, two case studies

have been performed. In the first case, the simulation is run for 50 h and hence the
underlying system is having 100 design variables (hourly flow through turbine and
hourly flow through spillway). On contrary for the second case, the simulation is
run for 20 days and hence the system is having 960 design variables.

4 Results and Discussion

This section presents the results obtained corresponding to the two cases described
above. For both the cases described above, the proposed Kriging-based GA has
been utilized to compute the optimum value of hourly flow through and turbine and
hourly flow through spillway. For validating and illustrating the advantage gained
by using the proposed approach, results obtained for the first case (i.e. the one for
which simulation was run for 50 h) have been compared with results obtained using
conventional GA. As for the second case, it was not possible to compare the results
owing to the huge computational effort associated with this problem. Next, the
results obtained using the two cases have been detailed.

4.1 Case 1: Simulation for 50 h

In the first case, the simulation is run for 50 h. Hence, the underlying system is
having 100 design variables. For Kriging, the sample points required have been
generated by using the Latin hypercube sampling [16]. As for the covariance
function involved in Kriging, the Gaussian covariance function has been used in
this study. The hourly inflow is considered to be 1070 CFS. The electricity price has
been considered to vary on an hourly basis. The hourly variation of electricity price,
considered in this study, has been shown in Fig. 2. In order to illustrate the accuracy

Hydroelectric Flow Optimization of a Dam … 819



and efficiency of the proposed approach, results obtained have been compared with
results obtained using conventional GA.

Figure 3 shows the optimized hourly flow through turbine and hourly flow
through spillway obtained using the proposed approach and conventional GA.
However, the number of actual function evaluations using the proposed approach is
only 5000 as compared to the 45,000 function evaluation required using the con-
ventional GA (Table 1).

Fig. 2 Hourly variation of electricity price for Case 1

Fig. 3 Optimized hourly turbine flow and hourly spill flow obtained using a conventional GA and
b Kriging-based GA

Table 1 Computational effort associated with the conventional GA and the proposed approach

Methods Number of function evaluation

Conventional GA � 45; 000

Kriging-based GA 5000
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4.2 Case 2: Simulation for 20 Days

In the second case, the same problem with the same set-up has been run for
20 days. The primary goal of this case study is to demonstrate the applicability of
the proposed approach for a large-scale system involving significant number of
design variables system for which conventional GA is difficult to implement. The
variation of electricity price over the simulation time is shown in Fig. 4. As a
consequence, the number of design variables involved with this problem is 960.
Generating benchmark solution by using conventional GA for such a large-scale
problem was not possible. Hence, only the results obtained using the proposed
approach have been reported.

Figure 5 shows the results obtained using the proposed approach. For this case,
15,000 actual function evaluations are required. Figure 5b illustrates that optimized

Fig. 4 Hourly variation of electricity price for Case 2

Fig. 5 Results for Case 2 obtained using the proposed approach. a Optimized turbine flow and
spill flow obtained using the proposed approach; b comparison of revenue generated by using the
optimized turbine flow and spill flow and setting turbine flow to be equal to spill flow
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parameters obtained yield overall higher revenue as compared to setting hourly flow
through turbine to be equal to the hourly inflow may not result. Additionally, the
change in the reservoir storage level over the optimization period has been shown in
Fig. 6. It can be seen that the revenue at the start of the simulation is equal to that at
the end of the simulation.

5 Conclusions

This paper presents a novel approach for hydroelectric flow optimization. The
proposed approach integrates Kriging into the framework of genetic algorithm
(GA). This coupling reduces the computational effort associated with conventional
GA without affecting the accuracy. The proposed approach has been used for
hydroelectric flow optimization. For the model considered, revenue generated is
dependent on (a) hourly turbine flow, (b) hourly spill flow, (c) hourly electricity
price and (d) storage level of reservoir. Two case studies have been performed by
varying the simulation time considered. For the first case, the simulation is run for
50 h. It is observed that the proposed approach yields accurate result at significantly
reduced computational cost. On contrary for the second case, the simulation is run
for 20 days. Due to huge computational cost involved, it was not possible to
generate benchmark solution. Hence, only the results obtained using the proposed
approach have been reported. The results obtained are indicative of the fact that the
proposed approach can be utilized for optimization of large-scale system from an
affordable computational cost.
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Fig. 6 Change in storage level of the reservoir during the simulation period
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Effect of Nanosilica and Microsilica
on Bond and Flexural Behaviour
of Reinforced Concrete

Lincy Varghese, V. V. L. Kanta Rao and Lakshmy Parameswaran

Abstract Nanosilica is a recent addition to the group of pozzolanic admixtures in
concrete, which is recognized as efficient in improving strength and durability of
concrete. This paper presents a comparative evaluation of some structural proper-
ties, namely bond and flexural behaviour, of nanosilica added high-performance
concrete, microsilica added high-performance concrete and a reference concrete.
The experimental results show the beneficial effects of nanosilica addition on the
structural properties of reinforced concrete. The nanosilica added high-performance
concrete showed better concrete–rebar interface, higher bond stress, a fewer number
of cracks with lesser crack width, higher ultimate load carrying capacity and an
improvement in the ductile nature of concrete, compared to the other two concretes.
The study concludes that nanosilica can be a promising pozzolanic admixture for
structural concrete applications.

Keywords Nanosilica � Microsilica � Reinforced concrete � Bond stress
Flexural behaviour

1 Introduction

The use of supplementary cementitious materials (SCMs) in concrete has been a
revolutionary development in concrete technology since 1970s. The addition of
SCMs to concrete improves the properties of concrete along with the enhancement
of its sustainability. Any improvement in the properties of concrete can reduce the
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overall quantity of the constituent materials during construction (higher strength
with the lesser material) and may reduce the cost of maintenance (higher durability
delays the need of maintenance). The most researched SCMs are fly ash, silica fume
(microsilica), granulated blast furnace slag, rice husk ash, etc., among which the
microsilica (mS) was found to have a greater impact on strength and durability
improvement, even with a small quantity, compared to the other SCMs. Hence, the
use of mS is preferred where high strength and durability requirements are of
concern. However, mS is not produced in India and is often imported. In this
regard, it is worthwhile to consider expanding the existing frame of SCMs by
introducing synthesized SCMs as well, which provides an opportunity for indige-
nous development of such materials. Nanosilica (nS) is one such synthesized
pozzolanic admixture, which is being extensively researched after the introduction
of nanotechnology in concrete. It is a nanomaterial, with approximately 99% active
silica content and high specific surface area, which can be prepared mainly by the
sol–gel process [1]. It was reported from various researches that nS imparts better
strength and durability to concrete as compared to other pozzolanic admixtures,
through nanolevel refinement of the microstructure of concrete [2–5]. It was also
noted that most of the published research pertained to study of properties of nS
added plain cement concrete. However, before recommending the use of nS for any
practical applications in concrete structures, it is necessary to investigate the effect
of the same in reinforced concrete. Considering the application of concrete for
construction of bridges, a study of flexural behaviour of concrete is of great
importance. In addition, the composite action of any reinforced concrete is possible
only if sufficient bond strength exists between reinforcing bars and concrete. Both
the above properties of reinforced concrete depend on several characteristics of
reinforcement bar and concrete such as strength of concrete, bar diameter, spacing
of bars, transverse reinforcement, type of bars, coating on the bar, confinement of
concrete around bar. However, the present study attempts to investigate the effect of
nS addition on these two properties of reinforced concrete, using one type of steel
bar and one grade of concrete and compares the same with those of mS added
concrete and reference concrete.

2 Experimental Programme

2.1 Characteristics of Materials

Ordinary Portland cement of 43 grade was used for the study, and its properties
were evaluated as per procedures of IS:4031-1988 standard and were found to be
conforming to IS:8112-2013. Two mineral admixtures, namely mS and nS, were
used as cement replacing materials in the present study. Densified powder-type
amorphous mS of grade 920 D [6] and colloidal nS of grade Cembinder 8 [7] with
50% solid content were used. The particle size and shape of mS and nS were
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determined using scanning electron microscopy and transmission electron micro-
scopy, respectively and are shown in Fig. 1. Both mS and nS particles were found
to be non-uniform and spherical in shape. The specific gravity of mS was 2.2 [8],
and that of nS in colloidal form was 1.38 (measured by density bottle method). The
silica content of mS and nS was determined through chemical analysis as per
IS:1727-1967, and the same was found to be 86.71 and 92.41%, respectively. The
silica content of mS conformed to the requirements of IS:15388-2003.

Crushed granite coarse aggregate of 20 and 10 mm size and crushed fine
aggregate available in Delhi region conforming to IS:383-1970 were used. The
salient properties of coarse aggregate were determined as per IS:2386-1963, and the
results so obtained are summarized in Table 1. The specific gravity, water
absorption and silt content of fine aggregate were determined as per IS:2386-1963
(Part III and Part II) and were found to be 2.6, 1 and 13.5%, respectively. The
particle size distribution of both coarse aggregate and fine aggregate was deter-
mined using sieve analysis and was found to be conforming to the requirements of
IS:383-1970; the fine aggregate conformed to the grading curve of Zone II. Tap

Fig. 1 a Scanning electron microscopic image of microsilica (M: 400X) b Transmission electron
microscopic image of nanosilica (M: 25000X) (M = image magnification)

Table 1 Properties of coarse
aggregate

Properties Results

Specific gravity 2.78

Water absorption 0.35%

Bulk density 1690 kg/m3

Flakiness index 11.2%

Combined flakiness and elongation index 9.7%

Crushing value 20%

Impact value 18%

Abrasion value 22%
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water free from oil, organic materials, and other impurities, conforming to
IS:456-2000 was used for concrete mixing and curing. Polycarboxylic ether-based
superplasticizer MasterGlenium SKY 8777 [9] conforming to IS:9103-1999 was
used.

2.2 Mix Proportioning

A concrete mix with a characteristic compressive strength of 40 MPa was designed
as per IS:10262-2009, suitable for “very severe” exposure condition, with a dura-
bility criterion of maximum rapid chloride permeability at 56 days as 1200 C, and
having a workability of 75–125 mm. The proportions of mS and nS were selected
based on their maximum efficiency factor level, i.e. 7.5% for mS and 3% for nS [5].
Similar proportions of mS and nS were reported in the literature on mS and nS
added concretes [10]. The concretes so prepared were designated as reference
concrete (RefCon), mS added high-performance concrete (mS-HPC) and nS added
high-performance concrete (nS-HPC). The mix proportions of these concretes are
given in Table 2. The superplasticizer content was kept constant at 1.5% by weight
of cementitious material for all the mixes.

The mixing of concrete was carried out in a tilting type laboratory rotary mixer.
The mS was added to the aggregate mixture just before the addition of cement, and
colloidal nS was added by mixing it with half of the mixing water. The slump of all
the concrete mixes was found to be in the range of 120–150 mm, which conformed
to the requirements of MoRTH: 2013 for concretes for application in reinforced or
prestressed concrete structures with highly congested reinforcement such as in
bridges. The rapid chloride permeability of the concretes at 56 days was found to be
1856, 385 and 916 C, respectively, for RefCon, mS-HPC and nS-HPC. Thus, the
high-performance concrete mixes were found to be satisfying the requirements for
the application in reinforced concrete road bridges as per IRC:112-2011.

Table 2 Proportion of
concrete mixes

Materials Quantity of materials (kg/m3)

RefCon mS-HPC nS-HPC

Cement 420 388.5 407.4

mS – 31.5 –

nS – – 25.2

Water 168 168 155.4

Coarse aggregate 1233 1225 1229

Fine aggregate 649 645 647

828 L. Varghese et al.



2.3 Casting of Test Specimens

Cube specimens of size 150 mm were cast for the pull-out test, as per
IS:2770-1967. The mould set-up of the specimen is shown in Fig. 2. An HYSD
rebar (Fe 500), with an embedment length of 125 mm, was placed vertically along
the centre of the specimen. The surface characteristics of the rebar are presented in
Table 3.

Beam mould, made of steel, with internal dimensions 2000 � 150 � 250 mm
was used for making RCC specimens for investigating the flexural behaviour of
RCC beam, made with three types of concrete, under an imposed load. The
under-reinforced beam was designed for a moment resistance of 31.2 kN m as per
IS:456-2000. The details of the reinforcement are given in Fig. 3. Electrical strain
gauges were pasted at mid- and quarter-points of one of the bottom longitudinal
reinforcements. A nominal cover of 30 mm was provided by fixing cover blocks to
the reinforcement before placing the same in the mould.

All the test specimens were demoulded after 24 h and subjected to 28 days water
curing at 27 ± 2 °C.

Fig. 2 Mould set-up for
bond stress specimen

Table 3 Surface
characteristics of rebar

Parameter Measured value

Diameter (mm) 20

Rib height(mm) 1.43

Rib width (mm) 0.19

Rib spacing (mm) 20.76

Rib face angle 45°
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2.4 Test Procedure

The bond stress of all the three concrete mixes was determined by conducting a
pull-out test as per IS:2770-1967. The test was carried out when the average
compressive strength of concrete was between 20–30 MPa. The pull-out test was
continued till the failure of the specimens. The bond stress was computed using
Eq. (1) at load corresponding to a slippage of 0.025, 0.25 mm and at failure, as
given in IS:2770-1967.

Bond stress ¼ Load at a slippage 0:025 or 0:25mmor at failure
Surface area of embedded length of bar

ð1Þ

The flexural behaviour of the RCC beams was investigated under four-point
loading at 56 days. The schematic test set-up of beam is presented in Fig. 4. The
beams were supported on roller at one end and rocker at the other end. The span of
the beam was 1800 mm. The load was applied using a hydraulic jack and controlled
using a calibrated load cell having a capacity of 50 tonne. The load distribution was
achieved using symmetrical steel rollers at a distance of 300 mm from the centre.
Five dial gauges of sensitivity 0.01 mm were placed to measure the deflections at

Fig. 3 Reinforcement details of RCC beam

Fig. 4 Schematic diagram of beam test set-up

830 L. Varghese et al.



the mid-span section, quarter-span sections of the beam and near supports. The dial
gauges and strain gauges were connected to the “DEWETRON” data acquisition
system.

3 Results and Discussion

3.1 Bond Stress

The pull-out test was carried out on specimens when the corresponding compres-
sive strengths were *28 MPa at 3rd, 4th and 5th day, respectively, on nS-HPC,
RefCon and mS-HPC. It was noted that mS-HPC was slower in gaining com-
pressive strength at the early age, compared to other two concretes. Load versus slip
curves developed from the experimental data are shown in Figs. 5, 6 and 7. The
abscissa of the plot indicates the slippage of the steel bar at the free end, and the
ordinate is the corresponding load. The rate of slip of the rebar in mS-HPC spec-
imens was comparatively greater than the same in other two concretes at a given
load. This may be because in case of RefCon and nS-HPC the slippage of bar could
have been resisted by a stronger rebar–concrete interface as the load is transferred,
whereas in the case of mS-HPC, the rebar–concrete interface could be weak,
possibly due to slower pozzolanic activity of mS during the early age.

The bond stress of concretes was computed using Eq. (1) and is presented in
Table 4. It may be noted that the nS-HPC showed the highest bond stress in
comparison with that of RefCon and mS-HPC. This could be due to the early
strength gain of nS-HPC.

The observed crack pattern on the specimens after failure is shown in Fig. 8. It
was observed that the interface between reinforcement and concrete has failed in

Fig. 5 Load versus slip curve of RefCon
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RefCon, with fewer cracks extended onto the concrete mass. While this interface
failure was not significant in the case of mS-HPC and nS-HPC, but a number of
cracks were visible on the concrete surface extending to the sides. This further
justifies the presence of a better bond between concrete and steel, which made the

Fig. 6 Load versus slip curve of mS-HPC

Fig. 7 Load versus slip curve of nS-HPC

Table 4 Estimated bond stress of concrete mixes

Mix Bond stress (MPa)

At 0.025 mm slippage At 0.25 mm slippage At failure

RefCon 0.23 0.28 13.84

mS-HPC 0.13 0.15 13.11

nS-HPC 0.31 0.33 14.70
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concrete fail first. At failure, the crack width on mS-HPC was comparatively higher
than that of nS-HPC, but nS-HPC exhibited a number of finer cracks. The higher
number of finer cracks in nS-HPC specimen could indicate a better rebar–concrete
bond, compared to the other two concretes. As the bond between rebar and concrete
gets better, the concrete tends to crack first with lesser rebar slippage.

3.2 Flexural Behaviour of RCC Beam

At the time of flexural behaviour test of RCC beam (56 days), the mechanical
properties of the three concretes are presented in Table 5.

3.2.1 Crack Versus Load

The crack characteristics of the RCC beams were monitored at various loads. The
final crack pattern of the three concrete beams is presented in Figs. 9, 10 and 11.
The initial crack in RefCon beam was observed at 35 kN, and the same for both

Fig. 8 Observed crack pattern on specimens after bond stress test a RefCon, b mS-HPC,
c nS-HPC
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mS-HPC and nS-HPC was observed at 40 kN. Figure 12 presents the number of
cracks which have developed with increase in load. The total number of cracks
initiated with increase of load in RefCon, mS-HPC and nS-HPC beams was 32, 33
and 28, respectively. The width of cracks was measured using a portable crack
measuring device and are presented in Fig. 13. From a comparison of Figs. 9, 10,
11, 12 and 13, it was noted that the nS-HPC beam exhibited the least number of
cracks, wider crack spacing (in tension zone) as well as lower crack width com-
pared to those of other two concrete beams. This could be due to its higher tensile
strength of nS-HPC as can be observed from Table 5.

3.2.2 Load Versus Strain

The strain developed at the longitudinal bottom reinforcement during flexural
loading was measured through electrical strain gauges fixed to the reinforcement at
mid-span and quarter-span of the RCC beams. The observed variation in strain with
increase in load is presented in Figs. 14 and 15. Compared to RefCon and mS-HPC
beams, the strain was found to be maximum in nS-HPC beam, substantiating the
wider crack spacing of nS-HPC as observed from the crack pattern (Figs. 9, 10 and
11). The higher-yielding of longitudinal reinforcement in nS-HPC beam also
indicates its ductile nature compared to other two concrete mixes.

Table 5 Mechanical properties of concrete

RefCon mS-HPC nS-HPC

Compressive strength (MPa) {150 mm cube} 53.5 63.8 64.4

Split tensile strength (MPa) {300 � 150 mm cylinder} 3.4 4.5 4.5

Flexural strength (MPa){500 � 500 � 100 mm prism} 5.0 6.5 6.7

Elastic modulus (GPa) {300 � 150 mm cylinder} 31.5 37.2 33.7

Note Size of the test specimens is mentioned in {}

Fig. 9 Crack pattern of RefCon beam (side 1 and 2)
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Fig. 10 Crack pattern of mS-HPC beam (side 1 and 2)

Fig. 11 Crack pattern of nS-HPC beam (side 1 and 2) Note For side 1: right support = rocker; left
support = roller and for side 2: right support = roller; left support = rocker
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3.2.3 Load Versus Deflection

The deflection of the RCC beams with increase in load was measured using dial
gauges. Figures 16 and 17 show the measured deflection of beam at mid-span and
at quarter-span, respectively, at various applied loads. The ultimate load was
observed to be 165, 170 and 174.5 kN, respectively, for RefCon, mS-HPC and
nS-HPC beam. The nS-HPC beam showed the highest deflection compared to other
two beams, while mS-HPC beam showed the least. This could be due to the highest
elastic modulus of mS-HPC compared to that of other two concretes (Table 5). On
the other hand, highest deflection of nS-HPC beam can be attributed to the presence
of larger amount of gel water in C-S-H (it was reported that nS-HPC produces finer
C-S-H compared to mS-HPC [5, 11]—finer the C-S-H higher the quantity of gel
water), which could have offered cushioning effect in nS-HPC beam under flexure.
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3.2.4 Bending Moment Versus Slope

Figure 18 shows the bending moment versus slope of concrete beams at supports.
Similar to the load versus deflection pattern, the slope at each particular bending
moment of mS-HPC beam was lower than that of RefCon and nS-HPC beams
which also support the earlier conclusion that the nS-HPC is more ductile compared
to the other two concretes.

4 Conclusions

(i) The bond stress of nS-HPC was found to be highest with a better concrete–
rebar interface compared to that of mS-HPC and RefCon.

(ii) The nS-HPC beam under flexure showed least number of cracks, maximum
spacing between cracks and minimum crack width. This was attributed to its
higher tensile strength, and yielding of longitudinal bar of nS-HPC beam,
indicating its ductile nature.

(iii) The addition of even a small quantity of nS (3% of cement) in concrete is
observed to be a have a considerable effect in modifying the properties of
reinforced concrete. Thus makes nS a promising pozzolanic admixture for
structural concrete applications.
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Interaction of a Flexible Splitter Plate
with Vortex Shedding Past a Rigid
Circular Cylinder

Chandan Bose, S. Krishna Kumar, Sunetra Sarkar and Sayan Gupta

Abstract This study deals with energy harvesting from vortex-induced vibration
(VIV) of a flexible cantilever plate placed in the wake of a rigid cylinder.
Conventionally, the plate is designed to resonate with the vortex shedding fre-
quency behind the cylinder at a given flow velocity. The experimental results
presented here show that the frequency of the plate oscillations undergoes an abrupt
increase from a low value to a higher value at a critical flow velocity. Numerical
simulations carried out in the present study suggest that this jump is due to the
transition between two modes of wake oscillations in the system, one with a low
Strouhal number range accompanied by impeded shedding and the other being the
natural vortex shedding with a higher Strouhal number range. It is also found that
the mode of vortex shedding depends on the flow velocity as well as the gap
between the cylinder and the plate. There exists a critical gap for every flow
velocity below which vortex shedding is inhibited resulting in reduced plate
vibrations. The results indicate that the position of the plate in the wake affects the
shedding frequency significantly and thus the gap between the plate and cylinder
needs to be considered as a key parameter in design of such flow-induced energy
harvesters.
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1 Introduction

It is well known that flow past a bluff body causes vortices to be shed from the body
into the wake at periodic intervals. The vortex shedding frequency, termed in
non-dimensional form as Strouhal number (Stf), depends on the Reynolds number
of the upstream flow. Vortex shedding behind a bluff body can induce vibrations of
the bluff body itself as well as in any flexible structure placed downstream. Since
these vibrations may induce instability in the structures, they are often deemed
undesirable and need to be controlled. In case of vortex shedding induced vibration,
this usually means that the shedding itself has to be suppressed or delayed. On the
contrary, energy harvesters exploiting flow-induced vibrations require the vibra-
tions to be heavy enough to yield reasonable quantity of power. The possibility of
extracting electrical energy from VIV of flexible structures has been explored by
various researchers in the past three decades [1–4]. In either case, a controlled
vortex shedding is essential for favourable system behaviour.

Mechanisms causing flow-induced vibrations, like vortex shedding, are influ-
enced not only by the upstream flow impinging on the bluff body but also by its
near-field wake topology. The importance of wake in the process has led
researchers to experiment with additional structures placed in the wake of primary,
usually bluff, structure. Presence of the additional structures in the downstream
leads to variation in the wake which feeds back to the vortex shedding of the
primary structure. A common idea used in this regard is to use a ‘splitter plate’
attached behind the primary structure, thereby disrupting the flow interactions that
would otherwise happen in the wake. In this study, we explore the effect of a
downstream flexible plate placed at a distance behind the primary structure
(a circular cylinder) on its vortex shedding. It has been seen in the literature [5–7]
that the gap between the two structures affects the vortex shedding for a given flow
velocity. It was reported that the vortex shedding frequency was also influenced by
the presence of downstream structures.

Contrasting with the case of a conventional attached splitter plate in which the
plate dimensions are the only parameters influencing shedding, the case of detached
plate offers an additional control parameter in the form of gap between the cylinder
and the plate. This allows design of systems where the control can be more dynamic
and also over a wider range of flow velocities. Several energy harvesting systems
based on vortex-induced vibrations of downstream detached flexible structures have
been reported in the literature [1, 4]. These systems were designed such that the
flexible structure resonated with the vortex shedding behind the rigid cylinder
maximising the structural oscillations. An arbitrary gap between the cylinder and
the flexible plate was considered and vortex shedding was observed. However, the
effect of the gap on the vortex shedding phenomena, and thus the VIV of the
flexible structure, was not studied. On the other hand, investigations into the flow
dynamics of cylinder-plate systems, outside the energy harvesting community, have
shown that presence of downstream structures can suppress vortex shedding behind
the cylinder when the gap was smaller than a critical value [5–7]. The critical gap
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also varied with the variation in flow velocity. Thus, one can expect that the choice
of an optimal gap would be crucial to successful design of VIV energy harvesters.
Therefore, there is a crucial need to investigate the underlying fluid–structure
interaction dynamics in terms of the vortex interactions with the flexible plate.

In this paper, experimental results demonstrating these phenomena by low-speed
wind tunnel tests are presented. A cylinder fixed in its position with a thin flat plate
at some distance downstream of it is considered and the effect of the gap on the
vortex shedding is studied. An abrupt increase in the frequency of the plate
oscillations has been observed as flow velocity is increased. In the absence of
sophisticated and costly flow visualisation hardware, numerical simulations of the
fluid–structure interaction (FSI) system have been carried out to understand the
underlying flow physics. It is seen that the jump in frequency can be attributed to
the change in the mode of vortex shedding past the cylinder-plate system.

The remainder of the paper consists of the following sections. Section 2 presents
the experimental observations of plate vibrations, and Sect. 3 reports the compu-
tational methodology along with the vorticity contours obtained at different
Reynolds numbers. Section 4 presents a discussion on these observations and the
paper ends with concluding remarks in Sect. 5.

2 Experimental Results

2.1 Experimental Set-up

A schematic of the harvester has been shown in Fig. 1. The set-up (see Fig. 2)
consists of a steel cylinder connected to an aluminium plate via a connecting rod
made of hardened steel. The cylinder was 25 cm long and 8 cm wide. The alu-
minium plate was 17 cm long, i.e. nearly twice the cylinder diameter, 9 cm wide

Fig. 1 Schematic of the
experimental set-up
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and 0.3 mm thick. The gap between the cylinder and plate was 16 cm, i.e. twice the
diameter of the cylinder.

Fixed support condition was imposed on the leading edge of plate. The wind
tunnel was operated in suction. The flow velocity was varied between 2–14 m/s,
corresponding to Reynolds number range of 10000–70000. The walls of the wind
tunnel were kept closed throughout the experiment. The displacements are mea-
sured using laser displacement sensors at about 3/4th of the length of the plate from
the fixed end.

2.2 Experimental Results

The displacement time histories of the flexible plate measured by the laser sensors
are analysed to determine the dominant frequency (say, ‘fp’) in its frequency
spectra. The non-dimensional frequency of plate oscillation is calculated using the
most dominant frequency as Stp ¼ ðfpLÞ=U1

� �
, where L is the length of the plate

and U∞ is the free-stream velocity. Figure 3 shows the variation of Stp with the
Reynolds number (Re). The Stp decreases with increase in Re and shows an abrupt
increase at a Re value of 500, which is in concurrence with similar change in
Strouhal number (say Stf) reported in the literature [7]. Figure 4a, b, respectively,
show the averaged frequency spectra for the displacement time history before and
after the abrupt increase in the frequency. It can be seen that an additional frequency
appears in the spectra post the abrupt increase and dominates the system response.
The emergence of the new frequency, higher than the primary one, post the jump
phenomenon needs to be investigated further.

The profile of the oscillating plate approximately corresponded to that of the first
bending mode shape in the pre-jump regime and that of the second bending mode
after the jump. The node for the second mode-shaped vibration seemed to be
moving towards the plate free tip as the flow velocities increased. It can also be

Fig. 2 Photograph of the
experimental set-up in the
wind tunnel
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Fig. 3 Stp versus Re

Fig. 4 Frequency spectra of
plate response a before jump
and b after jump
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noticed that the higher frequency seems to around 4 times the lower frequency in
most cases. This would mean that the transition between two regimes of vortex
shedding actually implies a transition from a lower frequency (*10 Hz for alu-
minium) to its harmonic (*40 Hz for aluminium). Such a transition has not been
discussed in available the literature. Hence, this warrants a further study.
Investigation of these effects is, however, out of the scope of this study.

It is evident from the results presented here and in [5–7] that the presence of
downstream body within the formation region can affect the vortex shedding and
induce a frequency higher or lower than that for the case of plain flow past cylinder.
To investigate the underlying mechanism of the jump phenomenon, understanding
the vortex interactions with the deformable plate is crucial. The flow physics is
further investigated through CFD simulations using a finite volume-based solver as
an alternative to the expensive and time consuming experimental flow visualisation
techniques.

3 Computational Methodology and Results

The vortex-induced vibration (VIV) of a chord-wise flexible plate situated in the
wake of a rigid cylinder has been simulated in two dimensions using a strongly
coupled solver taking the fluid–structure interaction (FSI) effects into consideration.
The objective of the simulations performed is to understand the role of vortex
shedding between the cylinder and the flexible plate in the abrupt increase in Stp for
variation in Reynolds number. This will enable us to identify an optimum parameter
regime to enhance the plate vibration maximising the energy harvesting.

3.1 Governing Equations and Solver Details

A coupled FSI solver is needed to capture the mutual interaction between the
unsteady viscous flow generated in the wake of the cylinder and the deformable
plate. In the present study, the FSI framework is composed of an incompressible
Navier–Stokes solver coupled with a nonlinear elastic structural model by a par-
titioned approach based strong coupling method. The flow model is a transient
solver for incompressible, laminar flow of Newtonian fluids. An arbitrary
Lagrangian Eulerian (ALE) formulation [8] has been employed in the present study,
to fulfill the requirement of a solution over a time-varying computational domain,
by solving the N–S equation on a moving grid. A Laplacian mesh motion strategy
[9] has been implemented with variable diffusivity coefficient. The flow solver uses
a second-order accurate spatial discretisation and the temporal discretisation is
performed using a second-order implicit backward differencing scheme. A variable
time stepping technique based on a maximal Courant number has been adopted.
The pressure velocity coupling is implemented through PISO (Pressure Implicit
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with Splitting of Operator) algorithm [8]. The absolute error tolerance criteria for
pressure and velocity are set to 10−6. The structural part has been solved by a large
strain elastic stress analysis solver based on Lagrangian displacement formulation
[9]. The absolute tolerance criterion of the structural solver is also taken to be 10−6.

The flow and the structural solver have been integrated by a partitioned approach
based strong coupling method. The partitioned approach is employed to separately
solve the governing equations of the flow and the structure continua, with two
independent solvers [10]. The solution is advanced in time separately over each
partition communicating through their common interface by exchanging coupled
state variables. Even though the partitioned approach is less stable than the
monolithic approach, it is computationally more efficient and hence employed in the
present study. The partitioned approach can be implemented in an explicit (weak
coupling) or in implicit (strong coupling) manner. The basic difference between
strong and weak coupling is that the former is equipped with an extra correction
loop which assures the consistency of the mesh deformation with the kinematic and
dynamic interface conditions. The variables exchanged from the fluid solver to the
structural solver are pressure and viscous force. On the other hand, displacement
increment and velocity are the variables fed from the structural solver to the fluid
solver. The strong coupling method adopted in the present FSI solver is illustrated
through the following flowchart (Fig. 5).

To implement the strong coupling method, a quasi-Newton coupling algorithm
with an approximation for the inverse of the residual’s Jacobian matrix from a
least-square model (abbreviated as IQN-ILS) [11] has been used. The present FSI
solver has been already validated extensively by Tukovic et al. [9].

3.2 Computational Domain and the Mesh

A rectangular computational domain as shown in Fig. 6 has been used in the
present computations. The height and width of the domain are 10D and 15D,
respectively, to avoid the wall effects. The gap between the cylinder and the plate
and the length of the plate has been fixed as 2D and 2.5D, respectively, whereas the
thickness of the plate has been kept as 0.05D. Here, D is the diameter of

Fig. 5 Flow chart of the
strong coupling algorithm
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the cylinder. Standard boundary conditions have been applied: a zero pressure
gradient and a constant free-stream at the inlet; a zero velocity gradient and
atmospheric pressure condition at the outlet; no slip and zero normal pressure
gradient condition on the horizontal walls and traction boundary condition on the
flexible plate. The computational domain is discretised using structured grids as
shown in Fig. 7. The mesh containing 89,052 grid points has been finalised through
a grid independence test.

3.3 Wake Evolution at Different Re

For flow past a bluff body with no downstream structures disturbing its wake,
vortex shedding occurs at a post-critical Re resulting in a von Kármán vortex street.
It is well known that presence of a downstream plate, commonly called splitter plate
attached or detached, affects the occurrence of the vortex shedding [12]. Thus, it can
be expected that the steep increase in the Stp of the flexible plate could be related to
a significant change in the flow dynamics past the cylinder-plate system. Since the

Fig. 6 Schematic of the
computational domain (not to
scale)

Fig. 7 Computational grid:
structured meshing
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vortex shedding past the cylinder drives the plate vibrations, any change in shed-
ding frequency would affect the frequency of the plate vibrations. The detailed flow
field for a range of Reynolds number were computed using the FSI solver described
earlier. Three distinct flow patterns are presented in terms of vorticity contours for
Re = 500, 750 and 1000 in Figs. 8, 9 and 10 respectively.

t = 0.2 sec t = 0.5 sec

t = 1.32 sec t = 1.72 sec

t = 2.08 sec t = 2.18 sec

Fig. 8 Vorticity contours at
Re = 500 at different time
instances

t = 0.2 sec t = 0.5 sec

t = 1.34 sec t = 1.78 sec

t = 2.10 sec t = 2.18 sec

Fig. 9 Vorticity contours at
Re = 750 at different time
instances
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3.3.1 Re = 500

At Re = 500, it is seen that the shear layers form the vortex cores which evolve with
time, growing in their strength. For a cylinder without a downstream plate, one
would expect these vortex cores to shed eventually in the form of a natural von
Kármán vortex street at this Reynolds number. However, the presence of the
flexible splitter plate with a gap twice the diameter of the cylinder inhibits the
shedding immediately behind the cylinder. Rather, the vortex cores deform by
convecting over the flexible plate inducing a moderate vibration in it and subse-
quently sheds downstream of the plate. It is seen that the plate vibrates in its first
mode shape under the impinging vortex cores which is in agreement with our
experimental observations.

3.3.2 Re = 750

At Re = 750, a marked change begins to appear in the flow pattern. Similar to the
previous case, initially the shear layers form the vortex cores which grow in time
and approach the plate. However, subsequently the growth in strength of the two
vortices doesn’t remain equal resulting in an asymmetric impingement on the
flexible plate. This induces significant vibrations in the flexible plate which in turn
breaks the continuity of the shear layer and stimulates vortex shedding in the gap. It
is also noticed that the plate starts to vibrate in its second mode shape with larger
displacements.

t = 0.2 sec t = 0.5 sec

t = 1.24 sec t = 1.56 sec

t = 2.06 sec t = 2.10 sec

Fig. 10 Vorticity contours at
Re = 1000 at different time
instances
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3.3.3 Re = 1000

For flows with Reynolds number greater than 750, the interactions between the
plate vibration and vortex cores become stronger. The instability in the shear layer
takes place even before the vortices fully impinge on the plate.

The vortices are shed in the gap which subsequently triggers the vibration of the
plate. In other words, a natural von Kármán shedding starts taking place. Moreover,
it is evident that the shedding frequency significantly changes from the previous
cases. Besides, vortex-induced vibration of the flexible plate is seen to be enhanced
remarkably in terms of its higher mode shapes.

4 Discussions

From the flow fields presented above, it is evident that a transition in the mode of
vortex shedding happens around Re = 750. The change from an inhibited vortex
shedding to a natural shedding behaviour seems to occur due to interactions
between vibrating plate and the unsteady fluid flow.

Vortex shedding behind bluff bodies is usually attributed to the interaction of
shear layers. The distance behind the cylinder at which the shear layers mingle
resulting in vortex shedding is usually called as ‘vortex formation length’. It is
observed through the presented flow fields that the formation length decreases with
increasing Reynolds number. For the pre-transition case, the vortex formation
length would be greater than 4.5D (the gap + length of the plate) since the inter-
action between the shear layers happens only beyond that. At the transition, the
formation length decreases approximately to 2D in an abrupt manner where the
vortices start shedding just within the gap. On the contrary, in the post-transition
regime, the formation length is much lower than the gap (2D). It has been noted in
literature [5, 12] that the frequency of vortex shedding, or equivalently the Stf,
increases when the formation length decreases. Thus, the transition in the mode of
vortex shedding might result in a significant increase in the Stf. Since vortex
shedding governs the vibration of the plate, a jump in the Stf would result in an
abrupt increase in the frequency of plate oscillations. This corroborates with the
experimental observation of an abrupt increase in Stp presented in Sect. 2.

It must be noted that the aim of the numerical simulations was to qualitatively
investigate the relation between the change in flow field to an abrupt increase in Stp.
The study presented here indicates that it is possible to enhance the plate vibrations
and in turn the power output from the plate by harnessing the role of gap in the FSI
dynamics. It is thus evident that the present study may help optimise the design of
the VIV energy harvester.
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5 Concluding Remarks

A FSI system consisting of a rigid cylinder and a flexible plate placed with a gap in
the downstream has been investigated both experimentally and numerically.
The VIV of the flexible downstream plate is of our interest in connection with the
prospect of energy harvesting. Experimentally, a significant increase in the fre-
quency of the plate oscillations has been observed. The numerical simulations
carried out to understand the underlying FSI dynamics indicate that the abrupt
increase in the frequency is connected to a sudden transition in the mode of the
vortex shedding past the cylinder. The role played by the gap in this transition
implies that a proper choice of the gap is mandatory to ensure natural vortex
shedding required for efficient energy harvesting.
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