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Preface

Earthquake Engineering has made significant progress over the past years. Lessons
learned from numerous devastating earthquakes all over the world, often associated
with great physical, financial and societal losses, brought valuable new data, expe-
riences and finally knowledge and fresh ideas on how science and engineering could
effectively cope and reduce risk.

The intensified deployment and operation of dense networks providing high-
quality ground motion records, combined with the observation of recorded damages
and the important progress in numerical modelling and computation, offered to well-
trained scientists and engineers better conception and understanding of the physical
process of earthquakes, allowing to develop more accurate and efficient tools to
assess seismic hazard and design ground motions including complex site effects.

Considerable progress has also been made in structural and geotechnical earth-
quake engineering based on numerous earthquake recordings and field observations,
on high-quality monitoring of structural behaviour and damages, both in real
instrumented structures and in laboratory model tests performed in large-scale
facilities like shaking tables, reaction walls and centrifuges, and certainly based on
the progress made in numerical modelling and computation capacity.

The improvement of the resilience of the important European cultural heritage
omnipresent in the built environment and the conservation of historical monuments
are of high priority in Europe, attracting special attention of the earthquake engi-
neering community and public authorities.

Risk management policies and strategies also gained important insight from
recent earthquakes, proving that effective coping of the impact of large earthquakes
in modern societies is difficult and complicated even in highly developed countries,
a fact that leads to the emerging need to develop more efficient methods, technol-
ogies, policies and strategies.

New scientific, societal and financial challenges also emerged from recorded induced
seismicity, which changes drastically the seismic perception in several low- to
negligible-seismicity countries, forcing them to strengthen considerably their seismic
design codes and construction practices with obvious economic and safety impact.
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In this respect, the philosophy underlying security and safety issues and the
design methods are continuously improved based on the work of knowledgeable
scientists and engineers, and certainly under the pressure of constantly evolving
needs expressed by booming economies, exploration of new energies, construction
of demanding buildings, infrastructures, critical facilities and industrial complexes,
as well as under the stress of the population increase and concentration. Modern
societies became inevitably more vulnerable to natural and anthropogenic hazards,
and the only way to face these threats is to improve scientific knowledge and
technology.

All this progress, knowledge and scientific-technical achievements are reflected
quaternary in the European Conference on Earthquake Engineering, which gives the
floor to young and mature scientists, researchers, engineers and policymakers to
address the present state of the art and to discuss emerging future developments and
needs in earthquake engineering and related topics. The lectures given every 4 years
by distinguished academics, scientists, engineers, policymakers and seismic code
developers provide a comprehensive panorama in Earthquake Engineering and a
guidance to future developments.

To this end, this handbook is an outstanding collection of invited lectures written
by internationally recognized academics, scientists, engineers, researchers,
policymakers and code developers in Europe, presented at the 16th European
Conference on Earthquake Engineering, organized by the European Association of
Earthquake Engineering and the Hellenic Society of Earthquake Engineering and
held in Thessaloniki, Greece, in June 2018.

It contains the 5th Nicholas Ambraseys distinguished lecture given by Peter
Fajfar; four keynote lectures given by Atilla Ansal, Gian Michele Calvi, Michael
Fardis and Sergio Lagomarsino; and twenty-two thematic lectures given by John
Douglas, Sinan Akkar, Roberto Paolucci, Aspasia Zerva, Stefano Parolai, Amir
Kaynia, Nikos Makris, George Gazetas, Oreste Bursi, Gobal Madabhushi, Dimitris
Beskos, Raffaele Landolfo, Eliszabeth Vintzileou, Andreas Kappos, Paulo
Lourenco, Alper Ilki, Tiziana Rossetto, Ioannis Psycharis, Iunio lervolino, Mauro
Dolce, Philippe Bisch, Paolo Franchin and their co-workers. The lectures are put
together as twenty-eight chapters, addressing a comprehensive collection of state-of-
the-art and cutting-edge topics in earthquake engineering, engineering seismology
and seismic risk assessment and management.

The book is of interest to civil engineers, engineering seismologists and seismic
risk managers, covering a wide spectrum of fields from geotechnical and structural
earthquake engineering to engineering seismology and seismic risk assessment and
management. Scientists, professional engineers, researchers, civil protection
policymakers and students interested in the seismic design of civil engineering
structures and infrastructures, hazard, risk assessment and mitigation policies and
strategies will find in this book not only the state-of-the-art advances in earthquake
engineering, but also novel ideas on what will be the near future in earthquake
engineering and resilient design of structures.
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Chapter 1 ®)
Analysis in Seismic Provisions e
for Buildings: Past, Present and Future

Peter Fajfar

Abstract The analysis of structures is a fundamental part of seismic design and
assessment. It began more than a hundred years ago, when static analysis with lateral
loads of about 10% of the weight of the structure was adopted in seismic regulations.
For a long time seismic loads of this size remained in the majority of seismic codes
worldwide. In the course of time, more advanced analysis procedures were
implemented, taking into account the dynamics and nonlinear response of structures.
In the future, methods with explicit probabilistic considerations may be adopted as
an option. In this paper, the development of seismic provisions as related to analysis
is summarized, the present state is discussed, and possible further developments are
envisaged.

1.1 Introduction: As Simple As Possible But Not Simpler

Seismic analysis is a tool for the estimation of structural response in the process of
designing earthquake resistant structures and/or retrofitting vulnerable existing
structures. In principle, the problem is difficult because the structural response to
strong earthquakes is dynamic, nonlinear and random. All three characteristics are
unusual in structural engineering, where the great majority of problems are (or at
least can be adequately approximated as) static, linear and deterministic. Conse-
quently, special skills and data are needed for seismic design, which an average
designer does not necessarily have.

Methods for seismic analysis, intended for practical applications, are provided in
seismic codes. (Note that in this paper the term “code” is used broadly to include
codes, standards, guidelines, and specifications.) Whereas the most advanced ana-
lytical, numerical and experimental methods should be used in research aimed at the
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development of new knowledge, the methods used in codes should, as Albert
Einstein said, be “as simple as possible, but not simpler”. A balance between
required accuracy and complexity of analysis should be found, depending on the
importance of a structure and on the aim of the analysis. It should not be forgotten
that the details of the ground motion during future earthquakes are unpredictable,
whereas the details of the dynamic structural response, especially in the inelastic
range, are highly uncertain. According to Aristotle, “it is the mark of an educated
mind to rest satisfied with the degree of precision which the nature of the subject
admits and not to seek exactness where only an approximation is possible”
(Nicomachean Ethics, Book One, Chap. 3).

After computers became widely available, i.e. in the late 1960s and in 1970s, a
rapid development of procedures for seismic analysis and supporting software was
witnessed. Nowadays, due to tremendous development in computing power, numer-
ical methods, and software, there are almost no limits related to computation.
Unfortunately, knowledge about ground motion and structural behaviour, especially
in the inelastic range, has not kept up the same speed. Also, we cannot expect that, in
general, the basic capabilities of engineers will be better than in the past. So, there is
a danger, as M. Sozen wrote already in 2002: “Today, ready access to versatile and
powerful software enables the engineer to do more and think less.” (M. Sozen, A
Way of Thinking, EERI Newsletter, April 2002). Two other giants in earthquake
engineering also made observations which have remained valid up to now. R.
Clough, one of the fathers of the finite element method, stated: “Depending on the
validity of the assumptions made in reducing the physical problem to a numerical
algorithm, the computer output may provide a detailed picture of the true physical
behavior or it may not even remotely resemble it” (Clough 1980, p.369). V. Bertero
(2009, p.80) warned: “There are some negative aspects to the reliance on computers
that we should be concerned about. It is unfortunate that there has been a trend
among the young practicing engineers who are conducting structural analysis,
design, and detailing using computers to think that the computer automatically
provides reliability”. Today it is lack of reliable data and the limited capabilities of
designers which represent the weak link in the chain representing the design process,
rather than computational tools, as was the case in the past.

An indication of the restricted ability of the profession (on average) to adequately
predict the seismic structural response was presented by the results of a blind
prediction contest of a simple full-scale reinforced concrete bridge column with a
concentrated mass at the top, subjected to six consecutive unidirectional ground
motions. A description of the contest, and of the results obtained, described in the
following text, has been summarized from (Terzic et al. 2015). The column was not
straightened or repaired between the tests. During the first ground motion, the
column displaced within its elastic range. The second test initiated a nonlinear
response of the column, whereas significant nonlinearity of the column response
was observed during the third test. Each contestant/team had to predict peak
response for global (displacement, acceleration, and residual displacement), inter-
mediate (bending moment, shear, and axial force), and local (axial strain and
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curvature) response quantities for each earthquake. Predictions were submitted by
41 teams from 14 different countries. The contestants had either MSc or PhD
degrees. They were supplied with data about the ground motions and structural
details, including the complete dimensions of the test specimen, and the mechanical
one-dimensional properties of the steel and concrete. In this way the largest sources
of uncertainties, i.e. the characteristics of the ground motion and the material
characteristics, were eliminated. The only remaining uncertainty was related to the
modelling and analysis of the structural response. In spite of this fact, the results
showed a very wide scatter in the blind predictions of the basic engineering response
parameters. For example, the average coefficient of variation in predicting the
maximum displacement and acceleration over the six ground motions was 39%
and 48%, respectively. Biases in median predicted responses were significant,
varying for the different tests from 5 to 35% for displacement, and from 25 to
118% for acceleration. More detailed results for the maximum displacements at the
top of the column and the maximum shear forces at the base of the column are
presented in Fig. 1.1. A large dispersion of the results can be observed even in the
case of the elastic (Eq. 1.1) and nearly elastic (Eq. 1.2) structural behaviour.

The results of the blind prediction contest clearly demonstrate that the most
advanced and sophisticated models and methods do not necessarily lead to adequate
results. For example, it was observed that a comparable level of accuracy could be
achieved if the column was modelled either with complex force-based fibre beam-
column elements or with simpler beam-column elements with concentrated plastic
hinges. Predictions of structural response greatly depended on the analyst’s experi-
ence and modelling skills. Some of the results were completely invalid and could
lead to gross errors if used in design. A simple check, e.g. with the response
spectrum approach applied for a single-degree-of-freedom system, would indicate
that the results were nonsensical.
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Fig. 1.1 Predictions of maximum horizontal displacements at the top of the column and maximum
base shears versus measured values (Terzic et al. 2015)
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This paper deals with analysis procedures used in seismic provisions. The
development of seismic provisions related to the analysis of building structures is
summarized, the present state is discussed, and possible further developments are
envisaged. Although, in general, the situation in the whole world is discussed, in
some cases emphasis is placed on the situation in Europe and on the European
standard for the design of structures for earthquake resistance Eurocode 8 (CEN
2004), denoted in this paper as EC8. The discussion represents the views of the
author and is based on his experience in teaching, research, consulting, and code
development work.

1.2 History: Domination of the Equivalent Static Procedure
and Introduction of Dynamics

1.2.1 Introduction

Earthquake engineering is a relatively young discipline, “it is a 20th century
development” (Housner 1984). Although some types of old buildings have, for
centuries, proved remarkably resistant to earthquake forces, their seismic resistance
has been achieved by good conceptual design without any seismic analysis. Early
provisions related to the earthquake resistance of buildings, e.g. in Lima, Peru
(Krause 2014) and Lisbon, Portugal (Cardoso et al. 2004), which were adopted
after the disastrous earthquakes of 1699 and 1755, respectively, were restricted to
construction rules and height limitations. It appears that the first engineering recom-
mendations for seismic analysis were made in 1909 in Italy. Apparently Housner
considered this date as the starting date of Earthquake Engineering.

The period up to 1978 was dominated by the equivalent static procedure. “The
equivalent static method gradually spread to seismic countries around the world. First it
was used by progressive engineers and later was adopted by building codes. Until the
1940s it was the standard method of design required by building codes” (Housner 1984),
and still today it is widely used for simple regular structures, with updated values for the
seismic coefficients. “This basic method has stood the test of time as an adequate way to
proportion the earthquake resistance of most buildings. Better methods would evolve,
but the development of an adequate seismic force analysis method stands out in history
as the first major saltation or jump in the state of the art.” (Reitherman 2012, p.174).
From the three basic features of seismic structural response, dynamics was the first to be
introduced. Later, inelastic behaviour was approximately taken into account by the
gradation of seismic loads for different structural systems, whereas randomness was
considered implicitly by using various safety factors.

In the following sections we will summarize the development of seismic analysis
procedures in different codes (see also Table 1.1). It will be shown that, initially, the
equivalent static approach was used. With some exceptions, for several decades the
seismic coefficient mostly amounted to about 0.1.



1 Analysis in Seismic Provisions for Buildings: Past, Present and Future 5

Table 1.1 The evolution of analysis provisions in seismic codes

1909 The first seismic regulations for buildings worldwide, with provisions for equiv-

Italy alent static analysis. In the first storey, the horizontal force was equal to 1/12th of
the weight above, and in the second and third storeys, 1/8th of the weight above.

1924 The first seismic code in Japan. The seismic coefficient was equal to 10%.

Japan

1927 First edition of the uniform building code (UBC) with optional seismic provisions.

USA The seismic coefficient varied between 7.5% and 10% of the total dead load plus
the live load of the building, depending on soil conditions.

1933 First mandatory seismic codes in the United States (the Field and Riley acts in

USA California). The seismic coefficient varied from 2% to 10%.

1943 Los Angeles enacted the first code, which related the seismic coefficient to the

USA flexibility of the building.

1956 San Francisco enacted a code with explicit dependence of the seismic loads on the

USA building period.

1957 Implementation of the modal response spectrum method, which later became the

USSR main analysis procedure in Europe.

1959 The SEAOC model code took into account the impact of the energy dissipation

USA capacity of structures in the inelastic range.

1977 A very simple pushover procedure for masonry buildings was implemented in a

Ttaly/ regional code in Friuli, Italy.

Slovenia

1978 The start of modern codes with ATC 3-06 guidelines (probabilistic seismic maps,

USA force reduction R-factors).

1981 Adoption of linear and nonlinear response history analysis for very important

Yugoslavia | buildings and prototypes of prefabricated buildings in the seismic code.

1986 The pushover-based Capacity Spectrum Method was implemented in the “Tri-

USA services” guidelines.

2010 Explicit probabilistic analysis permitted in ASCE 7-10.

USA

Dynamic considerations were introduced by relating the seismic coefficient to the
period of the building, indirectly via the number of storeys in 1943, and directly in
1956. The modal response spectrum method appeared for the first time in 1957. The
impact of the energy dissipation capacity of structures in the inelastic range
(although this was not explicitly stated in the code) was taken into account in
1959. Modern codes can be considered to have begun with the ATC 3-06 document
“Tentative provisions for the development of seismic regulations for buildings”,
which was released in 1978 (ATC 1978). This document formed the basis upon
which most of the subsequent guidelines and regulations were developed both in the
United States and elsewhere in the world.

When discussing seismic code developments, the capacity design approach
developed in the early 1970s in New Zealand, should not be ignored. It might be
one of the most ingenious solutions in earthquake engineering. Structures designed
by means of the capacity design approach are expected to possess adequate ductility
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both at the local and global level. In the case of such structures, it is completely
legitimate to apply linear analysis with a force reduction factor which takes into
account the energy dissipation capacity. Of course, a quantification of the inelastic
behaviour is not possible. Since capacity design is not a direct part of the analysis
process, it will not be further discussed in this paper.

1.2.2 Italy

After the earthquake in Messina in 1908, a committee of Italian experts (nine
practicing engineers and five university professors) was formed. The committee
prepared a quantitative recommendation for seismic analysis which was published in
1909. The committee proposed, mainly based on the results of a study of three
timber-framed buildings which had survived the earthquake with little or no damage,
that, “in future, structures must be so designed that they would resist, in the first
story, a horizontal force equivalent to 1/12th of the weight above, and in the second
and third story, 1/8™ of the weight above” (Freeman 1932, p.577). The procedure
became mandatory through a Royal Decree in the same year (Sorrentino 2007). At
that time, three-story buildings were the tallest permitted. In the committee report it
was stated “that it was reasonable to add 50% to the seismic force to be provided
against in upper stories, because of the observed greater amplitude of oscillation in
tall as compared with low buildings and also in adherence to the universally admitted
principle that the center of gravity of buildings should be as low as possible, and
hence the upper stories should be lighter than the lower” (Freeman 1932, p.577).
According to Reitherman (2012, p.193), the above-described technical regulation
was later adjusted to provide factors of 1/8 and 1/6, respectively, after the disastrous
1915 Avezzano Earthquake, to the north of the Strait of Messina.

The committee’s proposal for the determination of lateral forces actually intro-
duced the seismic coefficient, which is used to multiply the weight of the building in
order to obtain the total seismic force (the base shear force). The seismic coefficient
enables performing a seismic analysis by means of the equivalent static method. It
has a theoretical basis. According to D’ Alembert’s principle, a fictitious inertia force,
proportional to the acceleration and mass of a particle, and acting in the direction
opposite to the acceleration, can be used in a static analysis, in order to simulate a
dynamic problem. The seismic coefficient represents the ratio between the acceler-
ation of the mass and the acceleration of gravity. The acceleration of the mass
depends on the acceleration of the ground and on the dynamic characteristics of
the structure. At the beginning of the twentieth century there were no data about
ground accelerations and the use of structural dynamics was, at that time, therefore
infeasible. M. Panetti, who appears to be the main author of the recommendation of
seismic coefficient in the report after the Messina earthquake, recognized “that the
problem was really one of dynamics or kinetics, and that to solve this would involve
such complication that one must have recourse to the assumption that a problem of
statics could be so framed as to provide for safety” (Freeman 1932, p.577). So,
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according to Freeman, the proposed seismic coefficient, as well as the seismic
coefficients used during the following decades in California and Japan, were “largely
a guess tempered by judgement”. Nevertheless, it is interesting to note that the order
of magnitude of the seismic coefficient proposed in 1909 remained in seismic codes
in different countries for many decades (see Sect. 1.2.6).

The most advanced of the engineers who studied the effects of the 1908 Messina
earthquake was A. Danusso. He “was probably the first to propose a dynamic
analysis method rather than static lateral force analysis method and, possibly for
the first time in earthquake engineering, he stated that seismic demand does not
depend upon the ground motion characteristics alone” (Sorrentino 2007). Danusso
not only stated this relationship verbally, but presented his thinking mathematically.
Danusso’s approach was considered too much ahead of its time for practical
implementation by the committee formed after the Messina earthquake, which
found the static approach more practical for widespread application (Reitherman
2012, p.193). As a matter of historical fact, dynamic analysis has not been
implemented in seismic provisions for the next half of the century.

The committee’s proposal to conventionally substitute dynamic actions with
purely static ones in representing seismic effects had a great impact on the subse-
quent development of early earthquake engineering in Italy, since it simplified the
design procedures but ruled out from the code any dynamic considerations until the
mid-seventies (1974), when a design spectrum was introduced (Sorrentino 2007)
and an up-to-date seismic code was adopted.

The Italians were the first to propose, in 1909, the equivalent static procedure for
seismic analysis, and to implement it in a code. The procedure has been a constituent
part of practically all seismic codes up until present times. Also, apparently the first
dynamic seismic computations stem from Italy. However, their achievements did not
have a widespread effect worldwide. It was the Japanese achievements, as described
in the next section, which became more popular.

1.2.3 Japan

In Japan, in 1916 R. Sano proposed the use of seismic coefficients in earthquake
resistant building design. “He assumed a building to be rigid and directly connected
to the ground surface, and suggested a seismic coefficient equal to the maximum
ground acceleration normalized to gravity acceleration. Although he noted that the
lateral acceleration response might be amplified from the ground acceleration with
lateral deformation of the structure, he ignored the effect in determining the seismic
coefficient. He estimated the maximum ground acceleration in the Honjo and
Fukagawa areas on alluvial soil in Tokyo to be 0.30 g and above on the basis of
the damage to houses in the 1855 Ansei-Edo (Tokyo) earthquake, and that in the
Yamanote area on diluvial hard soil to be 0.15 g” (Otani 2004). T. Naito, one of
Sano’s students at the University of Tokyo, became, like Sano, not just a prominent
earthquake engineer but also one of the nation’s most prominent structural
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engineers. He followed Sano’s seismic coefficient design approach, usually using a
coefficient of 1/15 (7%) to design buildings before the 1923 Kanto Earthquake. The
coefficient was uniformly applied to masses up the height of the building
(Reitherman 2012, p.168).

The first Japanese building code was adopted in 1919. The 1923 Great Kanto
earthquake led to the addition of an article in this code (adopted in 1924) to require
the seismic design of all buildings for a seismic coefficient of 0.1. “From the
incomplete measurement of ground displacement at the University of Tokyo, the
maximum ground acceleration was estimated to be 0.3 g. The allowable stress in
design was one third to one half of the material strength in the design regulations.
Therefore, the design seismic coefficient 0.1 was determined by dividing the esti-
mated maximum ground acceleration of 0.3 g by the safety factor of 3 of allowable
stress” (Otani 2004).

The Japanese code, which applied to certain urban districts, was a landmark in the
development of seismic codes worldwide. In the Building Standard Law, adopted in
1950, applicable to all buildings throughout Japan, the seismic coefficient was
increased from 0.1 to 0.2 for buildings with heights of 16 m and less, increasing
by 0.01 for every 4 m above (Otani 2004). Allowable stresses under temporary loads
were set at twice the allowable stresses under permanent loads. From this year on, the
seismic coefficients in Japan remained larger than elsewhere in the rest of the world.
Later significant changes included the abolishment of the height limit of 100 ft. in
1963. In 1981 the Building Standard Law changed. Its main new features included a
seismic coefficient which varied with period, and two-level design. The first phase
design was similar to the design method used in earlier codes. It was intended as a
strength check for frequent moderate events. The second phase design was new. It
was intended as a check for strength and ductility for a maximum expected event
(Whittaker et al. 1998). It is interesting to note that, in Japan, the seismic coefficient
varied with the structural vibration period only after 1981.

1.2.4 United States

Surprisingly, the strong earthquake which hit San Francisco in 1906 did not trigger
the development of seismic provisions in the United States. Wind force was intended
to protect buildings against both wind and earthquake damage. Design recommen-
dations were intended only for buildings taller than 100 feet (30.5 m), or taller than
three times the building’s least dimension, and consisted of applying a 30 psf
(1.44 kPa) wind load to the building’s elevation. Later, the recommended wind
load was reduced to 20 psf, and then to 15 psf (Diebold et al. 2008). At that time,
however, no building code provisions existed for the design of shorter structures to
resist wind or earthquake loads.

The first regulations on earthquake-resistant structures appeared in the United
States only in 1927, after the earthquake in Santa Barbara in 1925. The provisions
were contained in an appendix to the Uniform Building Code, and were not
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mandatory. The equivalent static procedure was used. The seismic coefficient was
varied between 7.5 and 10% of the total dead load plus the live load of the building,
depending on soil conditions. This was the first time that a building code had
recognized the likelihood of the amplification of ground motion by soft soil (Otani
2004). After the 1925 Santa Barbara earthquake, some California municipalities did
adopt mandatory seismic provisions in their building codes.

The first mandatory seismic codes used in the United States were published in
1933, after the 1933 Long Beach earthquake, which caused extensive damage to
school buildings. Two California State Laws were enacted. The Field Act required
the earthquake-resistant design and construction of all new public schools in Cali-
fornia. The adopted regulations required that masonry buildings without frames be
designed to resist a lateral force equal to 10% of the sum of the dead load and a
fraction of the design live load. For other buildings the seismic coefficient was set at
2-5%. Shortly after this, the Riley Act was adopted with a mandatory seismic design
coefficient of 2% of the sum of the dead load and live load for most buildings. At
about the same time, in Los Angeles a lateral force requirement of 8% of the total
weight and half of the design live load was imposed. This requirement was also
adopted by the 1935 Uniform Building Code for the zone of highest seismicity (Berg
1983, p.25-26), whereas, recognizing the different levels of seismic risk in different
regions, the seismic coefficients in the other two zones were lower.

Although the first regulations were based on the static concept, and did not take
into account the fact that the structural acceleration (and thus the seismic load)
depends on the vibration period of the building, the developers of the early codes
were aware of the dynamic nature of the structural response and of the importance of
the periods of vibration of buildings. Freeman wrote: “Those who have given the
matter careful study recognize that as a means of lessening the amplitude of
oscillation due to synchronism [i.e. resonance], it is extremely important to make
the oscillation period of the building as small as practicable, or smaller than the
oscillation period of the ground ordinarily found in great earthquakes.” (Freeman
1932, p.799). However, since the details of the ground motion, including the
frequency content, were not known, any realistic quantitative considerations were
impossible. The first generation of analysis methods evolved before being able to
take into account response spectrum analysis and data from strong motion instru-
ments, although the basic concept was known. Some of the most educated guesses of
the frequency content of ground shaking were completely wrong considering today’s
knowledge. For example, Freeman (1930, p.37) stated that “In Japan it has been
noted that the destructive oscillations of the ground in an earthquake are chiefly those
having a period from 1 second to 1.5 seconds; therefore, some of the foremost
Japanese engineers take great care in their designs to reduce the oscillation period of
a building as nearly as practicable to from 0.5 to 0.6 second, or to less than the period
of the most destructive quake, and also strive to increase the rigidity of the building
as a whole in every practical way.” Today, we know that, generally, in the 0.5-0.6 s
range the spectral acceleration is usually larger than in the range from 1 to 1.5 s.

The first code, which related the seismic coefficient to the flexibility of the
building, was enacted by the City of Los Angeles, in 1943. The level of the seismic
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coefficient was decreasing with the number of stories, reflecting the decrease of
structural acceleration by increasing the flexibility and the natural period of the
building. So, the building period was considered indirectly. This code also took into
account the fact that the lateral force varies over the height of the structure. The
building period became an explicit factor in the determination of seismic design
forces only in 1956, when the City of San Francisco enacted a building code based
on the recommendations produced by a joint committee of the Structural Engineers
Association of Northern California and the San Francisco Section of the American
Society of Civil Engineers (Berg 1983, p.26-27), published in 1951. The recom-
mendations included an inverted triangle distribution of design lateral loads along
the height of the building, which is still a basic feature of equivalent static lateral
force procedures.

A theoretical basis for the consideration of the dependence of seismic load on the
natural period of the building was made possible by the development of response
spectra. Although the initial idea of the presentation of earthquake ground motion
with spectra had appeared already in the early 1930s, the practical use of spectra has
not been possible for over 30 years due to the lack of data about the ground motion
during earthquakes, and because of the very extensive computational work required
for the determination of spectra, which was virtually impossible without computers.
For details on the historical development of response spectra, see, e.g., (Chopra
2007) and (Trifunac 2008).

The first code which took into account the impact of the energy dissipation
capacity of structures in the inelastic range (although this was not explicitly stated
in the code) was the SEAOC model code (the first “Blue Book™), in 1959. In order to
distinguish between the inherent ductility and energy dissipation capacities of
different structures, a coefficient K was introduced in the base shear equation. Its
values were specified for four types of building construction. The basic seismic
coefficient of 0.10 increased the most (by a factor of 1.33) in the case of wall
structures, and decreased the most (by a factor of 0.67) in the case of space frames.
According to Blume et al. (1961): “The introduction of K was a major step forward
in code writing to provide in some degree for the real substance of the problem —
energy absorption — and for the first time to recognize that equivalent acceleration or
base shear coefficient C alone is not necessarily a direct index of earthquake
resistance and public safety.”

Seismic regulations at that time were mainly limited to analysis, and did not
contain provisions on dimensioning and detailing. It was not until the end of the
1960s that, in the United States, provisions related to the detailing of ductile
reinforced concrete frames were adopted.

An early appearance of Performance-Based Seismic Design can be found in the
1967 edition of the SEAOC Blue Book, where the following criteria were defined:

1. Resist minor earthquakes without damage.
2. Resist moderate earthquakes without structural damage, but with some
nonstructural damage.
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3. Resist major earthquakes, of the intensity of severity of the strongest experienced
in California, without collapse, but with some structural as well as nonstructural
damage.

The first document, which incorporated most of the modern principles of seismic
analysis, was ATC 3-06 (ATC 1978), which was released in 1978 (Fig. 1.2) as a
result of years of work performed by many experts in the United States. As indicated
by the title of the document, the document represented tentative provisions for the
development of seismic regulations for buildings. Its primary purpose was to present
the current state of knowledge in the fields of engineering seismology and earth-
quake engineering, in the form of a code. It contained a series of new concepts that
significantly departed from existing regulations, so the authors explicitly discour-
aged the document’s use as a code, until its usefulness, practicality, and impact on
costs was checked. Time has shown that the new concepts have been generally
accepted, and that the document was a basis for the subsequent guidelines and
regulations in the United States and elsewhere in the world, with some exception
in Japan.

In the document the philosophy of design in seismic regions, set forth in the 1967
SEAOC Blue Book, was followed, according to which the primary purpose of
seismic regulations is the protection of human life, which is achieved by preventing

Fig. 1.2 The cover-page of
ATC 3-06

TENTATIVE PROVISIONS
FOR THE DEVELOPMENT OF
SEISMIC REGULATIONS FOR BUILDINGS

A Cooperative Effort with the Design Professions,
Building Code Interests and the Research Community

Prepared by
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Assaciated with the Structural Engineers Association of California
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the collapse of buildings or their parts, whereas in strong earthquakes damage and
thus material losses are permitted. At the very beginning it was stated: “The design
earthquake motions specified in these provisions are selected so that there is low
probability of their being exceeded during the normal lifetime expectancy of the
building. Buildings and their components and elements ... may suffer damage, but
should have a low probability of collapse due to seismic-induced ground shaking.”

The document contained several significant differences compared to earlier
seismic provisions. Seismic hazard maps, which represent the basis for design
seismic loads, were based on a 90% probability that the seismic hazard, represented
by the effective peak ground acceleration and the effective peak ground velocity
(which serve as factors for constructing smoothed elastic response spectra), would
not be exceeded in 50 years. This probability corresponds to a return period of the
earthquake of 475 years. Buildings were classified into seismic hazard exposure
groups. Seismic performance categories for buildings with design and analysis
requirements depended on the seismicity index and the building seismic hazard
exposure group. The analysis and design procedures were based upon a limit state
that was characterized by significant yield rather than upon allowable stresses as in
earlier codes. This was an important change which influenced also the level of the
seismic coefficient.

An empirical force reduction factor R, called the” Response modification factor®,
was also introduced in ATC 3-06. Experience has shown that the great majority of
well designed and constructed buildings survive strong ground motions, even if they
were in fact designed for only a fraction of the forces that would develop if the
structure behaved entirely as linearly elastic. A reduction of seismic forces is
possible thanks to the beneficial effects of energy dissipation in ductile structures
and inherent overstrength. Although the influence of the structural system and its
capacity for energy dissipation has been recognized already in late 1950s, the force
reduction factor (or simply R factor) in the current format was first proposed in
ATC-3-06. Since then, R factor has been present, in various forms, in all seismic
regulations (in the European standard EC8 it is called the behaviour factor q).

R factor allows, in a standard linear analysis, an approximate consideration of the
favourable effects of the nonlinear behaviour of the structure, and therefore presents
a very simple and practical tool for seismic design. However, it is necessary to bear
in mind that describing a complex phenomenon of inelastic behaviour for a partic-
ular structure, by means of a single average number, can be confusing and mislead-
ing. For this reason, the R factor approach, although is very convenient for practical
applications and has served the professional community well over decades, is able to
provide only very rough answers to the problems encountered in seismic analysis
and design. Also, it should be noted that “the values of R must be chosen and used
with judgement”, as stated in the Commentary to the ATC 03-6 document in Sec.
3.1. According to ATC-19 (ATC 1995), “The R factors for the various framing
systems included in the ATC-3-06 report were selected through committee consen-
sus on the basis of (a) the general observed performance of like buildings during past
earthquakes, (b) estimates of general system toughness, and (c) estimates of the
amount of damping present during inelastic response. Thus, there is little technical
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basis for the values of R proposed in ATC-3-06.” Nevertheless, the order of
magnitude of R factors (1.5 to 8, related to design at the strength level) has been
widely used in many codes and has remained more or less unchanged until
nowadays.

The model code recognized the existence of several “standard procedures for the
analysis of forces and deformations in buildings subjected to earthquake ground
motion”, including Inelastic Response History Analysis. However, only two analysis
procedures were specified in the document: Equivalent Lateral Force Procedure and
Modal Analysis Procedure with one degree of freedom per floor in the direction
being considered. In relation to modal analysis, it was stated in the Commentary in
Sec. 3.5: “In various forms, modal analysis has been widely used in the earthquake-
resistant design of special structures such as very tall buildings, offshore drilling
platforms, dams, and nuclear power plants, but this is the first time that modal
analysis has been included in the design provisions for buildings”. The last part of
this statement was true for the United States, but not worldwide, since modal
analysis was adopted already in 1957 in the USSR’s seismic code, as explained in
the next section. In the Commentary it was recognized that the simple model used for
modal analysis was “likely to be inadequate if the lateral motions in two orthogonal
directions and the torsional motion are strongly coupled”. In such a case and in some
other cases, where the simple model was not adequate, the possibility of a “suitable
generalization of the concepts” was mentioned.

Despite the tremendous progress which has been made in the field of earthquake
engineering in recent decades, it can be concluded that the existing regulations,
which of course contain many new features and improvements, are essentially still
based on the basic principles that were defined in the ATC 3-06 document, with the
partial exception of the United States, where the updating of seismic provisions has
been the fastest.

1.2.5 Other Countries

At the beginning of 1930s, seismic codes were instituted only in Italy and Japan, and
in a few towns in California. As mentioned in the previous section, the first
mandatory seismic codes used in the United States were adopted in 1933. By the
end of that decade, seismic codes were enacted in three more countries, New Zealand
in 1935 (draft code in 1931), India in 1935, and Chile in 1939 (provisional regula-
tions in 1930). In all cases a damaging earthquake triggered the adoption of seismic
regulations (Reitherman 2012 p.200 and p.216). Seismic codes followed later in
Canada in 1941 (Appendix to the National Building Code), Romania in 1942,
Mexico in 1942, and Turkey in 1944 (a post-event response code had been adopted
already in 1940). The USSR’s first seismic code was adopted in 1941 (Reitherman
2012, p.288). The Standards and Regulations for Building in Seismic Regions,
which was adopted in the USSR in 1957, included, apparently as the first code,
the modal response spectrum method as the main analysis procedure. (Kor¢inski
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1964). This analysis procedure was later included in several European seismic codes
and has remained the most popular procedure for seismic analysis in Europe, up until
the present day. In ECS, too, it is the basic analysis method. In 1963 and 1964,
respectively, Slovenia and the whole of the former Yugoslavia adopted seismic
codes, which were with respect to the analysis method similar to the Soviet code.
In China, the first code was drafted in 1955, but was not adopted (Reitherman 2012,
p.288). The first official seismic design code (The Code for the Seismic Design of
Civil and Industrial Buildings) was issued in 1974.

1.2.6 Level of the Design Lateral Seismic Load

Interestingly, the level of the design horizontal seismic load (about 10% of the
weight of the building), which was proposed in 1909 in Italy, and also used in
Japan in the first half of the twentieth century, has been maintained in the seismic
regulations for the majority of buildings up to the latest generation of regulations,
when, on average, the design horizontal seismic load increased. An exception was
Japan, where the seismic design loads increased to 20% of the weight already in
1950. The value of about 10%, proposed in Italy, was based on studies of three
buildings which survived the 1908 Messina Earthquake. However, this study was,
apparently, not known in other parts of the world. The Japanese engineer Naito
wrote: “In Japan, as in other seismic countries, it is required by the building code
[from 1924 onward] to take into account a horizontal force of at least 0.1 of the
gravity weight, acting on every part of the building. But this seismic coefficient of
0.1 of gravity has no scientific basis either from past experience or from possible
occurrence in the future. There is no sound basis for this factor, except that the
acceleration of the Kwanto earthquake for the first strong portion as established from
the seismographic records obtained at the Tokyo Imperial University was of this
order.” (Reitherman 2012, p.172). Freeman (1930) expressed a similar opinion:
“There is a current notion fostered by seismologists, and incorporated in the tentative
building laws of several California cities, that the engineer should work to a seismic
coefficient of 1/10 g. ... Traced back to the source this rule is found to be a matter of
opinion, not of measurement; a product, not of the seismometer, but of the
“guessometer”.”

Explanations as to why 10% of the weight of a building is an adequate design
horizontal seismic load have changed over time. The seismic coefficient, which repre-
sents the ratio between the seismic load and the weight (plus some portion of the live
load) depends on the ground acceleration and the dynamic characteristics of the structure.
Initially, structures were assumed to be rigid, having the same acceleration as the ground.
At the beginning of the twentieth century instruments for the recording of strong ground
motion were not available. Some estimates of the level of maximum ground accelerations
were obtained from observations of the sliding and overturning of rigid bodies such as
stone cemetery monuments. Freeman (1932, p.76) prepared a table with the relations
between the Rossi — Forel intensity and peak ground acceleration, as proposed by six
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different authors. The values of accelerations in m/s> for intensities VIII, IX and X were
within the ranges 0.5-1.0 (mean 0.58), 1.0-2.0 (mean 1.23) and 2.5-3.0 (mean 2.62),
respectively. Note that the intensity IX on the Rossi-Forel scale (‘“Partial or total
destruction of some buildings”) approximately corresponds to intensity IX according to
the EMS. The data clearly indicate that the values of the peak ground acceleration were
grossly underestimated.

The first strong motion accelerograms were recorded only in 1933, during the
Long Beach earthquake. Maximum acceleration values did not significantly deviate
from 0.1 g until 1940, when the famous El Centro 1940 accelerogram, with a
maximum acceleration of more than 0.3 g, was recorded. At the time of the 1971
San Fernando Earthquake, the peak ground acceleration produced by that earthquake
tripled what most engineers of the time thought possible (Reitherman 2012, p.272).
With the awareness that ground acceleration can be much higher than expected, and
that very considerable dynamic amplification can occur if the period of the structure
is in the range of the predominant periods of the ground motion, both resulting in
accelerations of the structure much greater than 0.1 g, it was possible to justify a
seismic coefficient of about 10% only due to the favourable influence of several
factors, mainly energy dissipation in the inelastic range, and so-called overstrength,
i.e. the strength capacity above that required by the code design loads. In the 1974
edition of the SEAOC code, for the first time the basis for the design load levels was
made explicit in the Commentary: “The minimum design forces prescribed by the
SEAOC Recommendations are not to be implied as the actual forces to be expected
during an earthquake. The actual motions generated by an earthquake may be
expected to be significantly greater than the motions used to generate the prescribed
minimum design forces. The justification for permitting lower values for design are
many-fold and include: increased strength beyond working stress levels, damping
contributed by all the building elements, an increase in ductility by the ability of
members to yield beyond elastic limits, and other redundant contributions. (SEAOC
Seismology Committee 1974, p.7-C)” (Reitherman 2012, p.277). More recently,
other influences have been studied, e.g. the shape of the uniform hazard spectrum
used in seismic design.

In Japan, already Sano and Naito advocated making structures as stiff as possible.
Designing stiff and strong structures has remained popular in Japan until the present
time. Otani (2004) wrote: “The importance of limiting story drift during an earth-
quake by providing large stiffness and high lateral resistance should be emphasized
in earthquake engineering.” Consequently, in Japan the design seismic lateral loads
have been, since 1950, generally larger than in the rest of the world. More recently,
the level of the design seismic loads has gradually increased, on average, also in
other countries. The reasons for this trend are increasing seismic hazard, estimated
by new probabilistic seismic hazard analyses and new ground motion databases, and
also better care for the limitation of damage.

When comparing seismic coefficients, it should be noted that the design based on
allowable stresses used in early codes has been changed to limit stress design, so that
the values of seismic coefficients may not be directly comparable.



16 P. Fajfar

1.3 Present: Gradual Implementation of Nonlinear
Methods

1.3.1 Introduction

Most buildings experience significant inelastic deformations when affected by
strong earthquakes. The gap between measured ground accelerations and the seismic
design forces defined in codes was one of the factors which contributed to thinking
in quantitative terms beyond the elastic response of structures. At the Second World
Conference on Earthquake Engineering in 1960 several leading researchers
presented some early significant papers about inelastic response. However, there
was a long way to go before the explicit nonlinear analysis found its way into more
advanced seismic codes. Initially the most popular approach was the use of force
reduction factors, and this approach is still popular today. Although this concept for
taking into account the influence of inelastic behaviour in linear analysis has served
the profession well for several decades, a truly realistic assessment of structural
behaviour in the inelastic range can be made only by means of nonlinear analysis. It
should be noted, however, that “good nonlinear analysis will not trigger good
designs but it will, hopefully, prevent bad designs.” (Krawinkler 2006). Moreover:
“In concept, the simplest method that achieves the intended objective is the best one.
The more complex the nonlinear analysis method, the more ambiguous the decision
and interpretation process is. ... Good and complex are not synonymous, and in many
cases they are conflicting.” (Krawinkler 2006).

The current developments of the analysis procedures in seismic codes are char-
acterized by a gradual implementation of nonlinear analysis, which should be able to
explicitly simulate the second basic feature of structural response to strong seismic
ground motion, i.e. inelastic behaviour. For such nonlinear analyses, data about the
structure have to be known, so they are very well suited for the analysis of existing
structures. In the case of newly designed structures, a preliminary design has to be
made before starting a nonlinear analysis. Typical structural response measures that
form the output from such an analysis (also called “engineering demand parame-
ters”) are: the storey drifts, the deformations of the “deformation-controlled” com-
ponents, and the force demands in “force-controlled” (i.e. brittle) components that,
in contemporary buildings, are expected to remain elastic. Basically, a designer
performing a nonlinear analysis should think in terms of deformations rather than
in terms of forces. In principle, all displacement-based procedures require a
nonlinear analysis.

There are two groups of methods for nonlinear seismic analysis: response-
history analysis, and static (pushover-based) analysis, each with several options.
They will be discussed in the next two sections. An excellent guide on nonlinear
methods for practicing engineers was prepared by Deierlein et al. (2010).
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1.3.2 Nonlinear Response History Analysis (NRHA)

Nonlinear response history analysis (NRHA) is the most advanced deterministic
analysis method available today. It represents a rigorous approach, and is irreplace-
able for the research and for the design or assessment of important buildings.
However, due to its complexity, it has, in practice, been mostly used only for special
structures. NRHA is not only computationally demanding (a problem whose impor-
tance has been gradually reduced due to the development of advanced hardware and
software), but also requires additional data which are not needed in pushover-based
nonlinear analysis: a suite of accelerograms, and data about the hysteretic behaviour
of structural members. A consensus about the proper way to model viscous damping,
in the case of inelastic structural response, has not yet been reached. A wide range of
assumptions are needed in all steps of the process, from ground motion selection to
nonlinear modelling. Many of these assumptions are based on judgement. Blind
predictions of the results of a bridge column test (see Sect. 1.1) are a good example
of potential problems which can arise when NRHA is applied. Moreover, the
complete analysis procedure is less transparent than in the case of simpler methods.
For this reason, the great majority of codes which permit the use of NRHA require an
independent review of the results of such analyses.

The advantages and disadvantages of NRHA have been summarized in a recent
paper by the authors representing both academia and practice in the United States
(Haselton et al. 2017). The advantages include “the ability to model a wide variety of
nonlinear material behaviors, geometric nonlinearities (including large displacement
effects), gap opening and contact behavior, and non-classical damping, and to
identify the likely spatial and temporal distributions of inelasticity. Nonlinear
response history analysis also has several disadvantages, including increased effort
to develop the analytical model, increased time to perform the analysis (which is
often complicated by difficulties in obtaining converged solutions), sensitivity of
computed response to system parameters, large amounts of analysis results to
evaluate and the inapplicability of superposition to combine non-seismic and seismic
load effects.” Moreover, “seemingly minor differences in the way damping is
included, hysteretic characteristics are modeled, or ground motions are scaled, can
result in substantially different predictions of response. ... The provisions governing
nonlinear response history analysis are generally non-prescriptive in nature and
require significant judgment on the part of the engineer performing the work.”

To the author’s knowledge, the first code in which the response-history analysis
was implemented was the seismic code adopted in the former Yugoslavia in 1981
JUS 1981). In this code, a “dynamic analysis method”, meant as a linear and
nonlinear response-history analysis, was included. In the code, it was stated: “By
means of such an analysis the stresses and deformations occurring in the structure for
the design and maximum expected earthquake can be determined, as well as the
acceptable level of damage which may occur to the structural and non-structural
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elements of the building in the case of the maximum expected earthquake.” The
application of this method was mandatory for all out-of-category, i.e. very important
buildings, and for prototypes of prefabricated buildings or structures which are
produced industrially in large series. Such a requirement was very advanced (and
maybe premature) at that time. (Fischinger et al. 2015).

In the USA, the 1991 Uniform Building Code (UBC) was the first to include
procedures for the use of NRHA in design work. In that code, response-history
analysis was required for base-isolated buildings and buildings incorporating passive
energy dissipation systems (Haselton et al. 2017). After that, several codes in
different countries included NRHA, typically with few accompanying provisions,
leaving the analyst with considerable freedom of choice. Reasonably comprehensive
provisions/guidelines have been prepared only for the most recent version of ASCE
7 standard, i.e. ASCE 7-16 (ASCE 2017). An overview of the status of nonlinear
analysis in selected countries is provided in Sect. 1.3.5. In this paper, NRHA will not
be discussed in detail.

1.3.3 Nonlinear Static (Pushover) Analysis

A pushover-based analysis was first introduced in the 1970s as a rapid evaluation
procedure (Freeman et al. 1975). In 1980s, it got the name Capacity Spectrum
Method (CSM). The method was also developed into a design verification procedure
for the Tri-services (Army, Navy, and Air Force) “Seismic Design Guidelines for
Essential Buildings” manual (Army 1986). An important milestone was the paper by
Mahaney et al. (1993) in which the acceleration-displacement response spectrum
(ADRS, later also called AD) format was introduced, enabling visualization of the
assessment procedure. In 1996, CSM was adopted in the guidelines for Seismic
Evaluation and Retrofit of Concrete Buildings, ATC 40 (ATC 1996). In order to
account for the nonlinear inelastic behaviour of a structural system, effective viscous
damping values are applied to the linear-elastic response spectrum (i.e. an
“overdamped spectrum”) in all CSM formulations. In the N2 method, initially
developed by Fajfar and Fischinger (1987, 1989), and later formulated in
acceleration-displacement (AD) format (Fajfar 1999, 2000), inelastic spectra are
used instead of overdamped elastic spectra. The N2 method has been adopted in
ECS8 in 2004. In FEMA 273 (1997), the target displacement was determined by the
“Coefficient Method”. This approach, which has remained in all following FEMA
documents, and has also been adopted in the ASCE 41-13 standard (ASCE 2014),
resembles the use of inelastic spectra. In the United States and elsewhere, the use of
pushover-based procedures has accelerated since the publication of the ATC 40 and
FEMA 273 documents. In this section, the discussion will be limited to the variant of
the pushover-based method using inelastic spectra. A comprehensive summary of
pushover analysis procedures is provided in (Aydinoglu and Onem 2010).

A simple pushover approach, which could be applied at the storey level and used
for the analysis of the seismic resistance of low-rise masonry buildings, was
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developed in the late 1970s by M.TomaZzevi¢ (1978). This approach was adopted
also in a regional code for the retrofitting of masonry buildings after the 1976 Friuli
earthquake in the Italian region of Friuli-Venezia Guilia (Regione Autonoma Friuli-
Venezia Giulia 1977).

Pushover-based methods combine nonlinear static (i.e. pushover) analysis with
the response spectrum approach. Seismic demand can be determined for an equiv-
alent single-degree-of-freedom (SDOF) system from an inelastic response spectrum
(or an overdamped elastic response spectrum). A transformation of the multi-degree-
of-freedom (MDOF) system to an equivalent SDOF system is needed. This trans-
formation, which represents the main limitation of the applicability of pushover-
based methods, would be exact only in the case that the analysed structure vibrated
in a single mode with a deformation shape that did not change over time. This
condition is, however, fulfilled only in the case of a linear elastic structure with the
negligible influence of higher modes. Nevertheless, the assumption of a single time-
invariant mode is used in pushover-based methods for inelastic structures, as an
approximation.

Pushover-based analyses can be used as a rational practice-oriented tool for the
seismic analysis. Compared to traditional elastic analyses, this kind of analysis
provides a wealth of additional important information about the expected structural
response, as well as a helpful insight into the structural aspects which control
performance during severe earthquakes. Pushover-based analyses provide data on
the strength and ductility of structures which cannot be obtained by elastic analysis.
Furthermore, they are able to expose design weaknesses that could remain hidden in
an elastic analysis. This means that in most cases they are able to detect the most
critical parts of a structure. However, special attention should be paid to potential
brittle failures, which are usually not simulated in the structural models. The results
of pushover analysis must be checked in order to find out if a brittle failure controls
the capacity of the structure.

For practical applications and educational purposes, graphical displays of the
procedure are extremely important, even when all the results can be obtained
numerically. Pushover-based methods experienced a breakthrough when the
acceleration-displacement (AD) format was implemented. Presented graphically in
AD format, pushover-based analyses can help designers and researchers to better
understand the basic relations between seismic demand and capacity, and between
the main structural parameters determining the seismic performance, i.e. stiffness,
strength, deformation and ductility. They are a very useful educational tool for the
familiarizing of students and practising engineers with general nonlinear seismic
behaviour, and with the seismic demand and capacity concepts.

Pushover-based methods are usually applied for the performance evaluation of a
known structure, i.e. an existing structure or a newly designed one. However, other types
of analysis can, in principle, also be applied and visualised in the AD format. Basically,
four quantities define the seismic performance: strength, displacement, ductility and
stiffness. Design and/or performance evaluation begins by fixing one or two of them; the
others are then determined by calculations. Different approaches differ in the quantities
that are chosen at the beginning of the design or evaluation. Let’s assume that the
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approximate mass is known. In the case of seismic performance evaluation, stiffness
(period) and strength of the structure have to be known; the displacement and ductility
demands are calculated. In direct displacement-based design, the starting points are
typically the target displacement and/or ductility demands. The quantities to be deter-
mined are stiffness and strength. The conventional force-based design typically starts
from the stiffness (which defines the period) and the approximate global ductility
capacity. The seismic forces (defining the strength) are then determined, and finally
the displacement demand is calculated. Capacity in terms of spectral acceleration can be
determined from the capacity in terms of displacements. All these approaches can be
easily visualised with the help of Fig. 1.3.

Note that, in all cases, the strength is the actual strength and not the design base
shear according to seismic codes, which is in all practical cases less than the actual
strength. Note also that stiffness and strength are usually related quantities.

Compared to NRHA, pushover-based methods are a much simpler and more
transparent tool, requiring simpler input data. The amount of computation time is
only a fraction of that required by NRHA and the use of the results obtained is
straightforward. Of course, the above-listed advantages of pushover-based methods
have to be weighed against their lower accuracy compared to NRHA, and against
their limitations. It should be noted that pushover analyses are approximate in nature,
and based on static loading. They have no strict theoretical background. In spite of
extensions like those discussed in the next section, they may not provide acceptable
results in the case of some building structures with important influences of higher
modes, including torsion. For example, they may detect only the first local mecha-
nism that will form, while not exposing other weaknesses that will be generated
when the structure’s dynamic characteristics change after formation of the first local
mechanism. Pushover-based analysis is an excellent tool for understanding inelastic
structural behaviour. When used for quantification purposes, the appropriate limita-
tions should be observed. Additional discussion on the advantages, disadvantages
and limitations of pushover analysis is available in, for instance (Krawinkler and
Seneviratna 1998; Fajfar 2000; Krawinkler 2006).
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1.3.4 The Influence of Higher Modes in Elevation
and in Plan (Torsion)

The main assumption in basic pushover-based methods is that the structure vibrates
predominantly in a single mode. This assumption is sometimes not fulfilled, espe-
cially in high-rise buildings, where higher mode effects may be important along the
height of the building, and/or in plan-asymmetric buildings, where substantial
torsional influences can occur. Several approaches have been proposed for taking
the higher modes (including torsion) into account. The most popular is Modal
pushover analysis, developed by Chopra and Goel (2002). Some of the proposed
approaches require quite complex analyses. Baros and Anagnostopoulos (2008)
wrote: “The nonlinear static pushover analyses were introduced as simple methods
... Refining them to a degree that may not be justified by their underlying assump-
tions and making them more complicated to apply than even the nonlinear response-
history analysis ... is certainly not justified and defeats the purpose of using such
procedures.”

In this section, the extended N2 method (Kreslin and Fajfar 2012), which
combines two earlier approaches, taking into account torsion (Fajfar et al. 2005)
and higher mode effects in elevation (Kreslin and Fajfar 2011), into a single
procedure enabling the analysis of plan-asymmetric medium- and high-rise build-
ings, will be discussed. The method is based on the assumption that the structure
remains in the elastic range in higher modes. The seismic demand in terms of
displacements and storey drifts can be obtained by combining together the defor-
mation quantities obtained by the basic pushover analysis and those obtained by the
elastic modal response spectrum analysis. Both analyses are standard procedures
which have been implemented in most commercial computer programs. Thus the
approach is conceptually simple, straightforward, and transparent.

In the elastic range, the vibration in different modes can be decoupled, with the
analysis performed for each mode and for each component of the seismic ground
motion separately. The results obtained for different modes using design spectra are
then combined together by means of approximate combination rules, like the
“Square Root Sum of Squares” (SRSS) or “Complete Quadratic Combination”
(CQC) rule. The SRSS rule can be used to combine the results for different
components of the ground motion. This approach has been widely accepted and
used in practice, in spite of the approximations involved in the combination rules. In
the inelastic range, the superposition theoretically does not apply. However, the
coupling between vibrations in different modes is usually weak (Chopra 2017,
p-819). Thus, for the majority of structures, some kind of superposition can be
applied as an approximation in the inelastic range, too.

It has been observed that higher mode effects depend to a considerable extent on
the magnitude of the plastic deformations. In general, higher mode effects in plan
and in elevation decrease with increasing ground motion intensity. Thus, conserva-
tive estimates of amplification due to higher mode effects can usually be obtained by
elastic modal response spectrum analysis. The results of elastic analysis, properly
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normalised, usually represent an upper bound to the results obtained for different
intensities of the ground motion in those parts of the structure where higher mode
effects are important, i.e. in the upper part of medium- or high-rise buildings, and at
the flexible sides of plan-asymmetric buildings. An exception are the stiff sides of
plan-asymmetric buildings. If the building is torsionally stiff, usually a
de-amplification occurs at the stiff side, which mostly decreases with increasing
plastic deformations. If the building is torsionally flexible, amplifications may also
occur at the stiff side, which may be larger in the case of inelastic behaviour than in
the case of elastic response.

The extended N2 method has been developed taking into account most of the
above observations. It is assumed that the higher mode effects in the inelastic range
are the same as in the elastic range, and that a (in most cases conservative) estimate
of the distribution of seismic demand throughout the structure can be obtained by
enveloping the seismic demand in terms of the deformations obtained by the basic
pushover analysis, which neglects higher mode effects, and the normalized (the same
roof displacement as in pushover analysis) results of elastic modal analysis, which
includes higher mode effects. De-amplification due to torsion is not taken into
account. The target displacements are determined as in the basic N2 method, or by
any other procedure. Higher mode effects in plan (torsion) and in elevation are taken
into account simultaneously. The analysis has to be performed independently for two
horizontal directions of the seismic action. Combination of the results for the two
horizontal components of the seismic action is performed only for the results
obtained by elastic analysis. The combined internal forces, e.g. the bending moments
and shear forces, should be consistent with the deformations. For more details, see
(Kreslin and Fajfar 2012) and (Fardis et al. 2015). Note that a variant of Modal
pushover analysis is also based on the assumption that the vibration of the building
in higher modes is linearly elastic (Chopra et al. 2004).

Two examples of the results obtained by the extended N2 method are presented in
Figs. 1.4 and 1.5. Figure 1.4 shows the storey drifts along the elevation of the 9-story
high steel “Los Angeles building” which was investigated within the scope of the
SAC project in the United States. Shown are results of the NRHA analysis, of the
basic pushover analysis, of the elastic modal response spectrum analysis, and of the
extended N2 method. Figure 1.5 shows the normalized displacements, i.e. the
displacements at different locations in the plan divided by the displacement of the
mass centre CM, obtained by NRHA for different intensities of ground motion, by
the basic pushover analysis, by the elastic modal response spectrum analysis, and by
the extended N2 method. The structural model corresponds to the SPEAR building
which was tested within the scope of an European project.

The extended N2 method will be most probably implemented in the expected
revised version of EC8. At the time when the current Part 1 of EC8 was finalised, the
extended version of the N2 method for plan-asymmetric buildings had not yet been
fully developed. Nevertheless, based on the preliminary results, the clause “Proce-
dure for the estimation of torsional effects” was introduced, in which it was stated
that “pushover analysis may significantly underestimate deformations at the stiff/
strong side of a torsionally flexible structure”. It was also stated that “for such
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Fig. 1.4 Comparison of storey drifts obtained by different procedures for the 9-storey LA building
(Adapted from Kreslin and Fajfar 2011)
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Fig. 1.5 Comparison of normalized roof displacement in plan obtained by NRHA analysis (mean
values) for different intensities, elastic response spectrum analysis, pushover analysis, and the
extended N2 method for the SPEAR building (Adapted from Fajfar et al. 2005)

structures, displacements at the stiff/strong side shall be increased, compared to
those in the corresponding torsionally balanced structure” and that “this requirement
is deemed to be satisfied if the amplification factor to be applied to the displacements
of the stiff/strong side is based on the results of an elastic modal analysis of the
spatial model”.

ASCE 41-13 basically uses the same idea of enveloping the results of the two
analysis procedures in order to take into account the higher modes in elevation. In
C7.3.2.1 it is stated “Where the NSP [Nonlinear Static Procedure] is used on a
structure that has significant higher mode response, the LDP [Linear Dynamic
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Procedure, typically the modal response spectrum analysis] is also used to verify the
adequacy of the evaluation or retrofit.” The same recommendation is included in the
very recent New Zealand guidelines (NZSEE 2017).

1.3.5 Nonlinear Analysis in Current Codes

In this section, an attempt has been made to present an overview of the status of
nonlinear analysis in the codes of different countries and of its use in practice. The
material is based on the responses of the author’s colleagues to a quick survey and on
the available literature. It can be observed that nonlinear analysis (NHRA more often
than pushover analysis) has been adopted in the majority of the respective countries
as an optional procedure which, however, is in some codes the mandatory for tall
buildings and for special structural systems, e.g. base-isolated buildings. In next
sections, these countries and regions are listed in alphabetical order.

1.3.5.1 Canada

The latest approved version of the National Building Code of Canada is NBCC
2015. The code applies only to new buildings; there is no code for existing building.
The Code is accompanied by a Commentary, which explains the intent of the code
and how best to meet it. The provisions or specifications given in the Commentary
are not mandatory, but act as guidelines. According to the Code, dynamic analysis is
the preferred method of analysis. The dynamic analysis procedure may be response
spectrum analysis, or linear time history analysis, or NRHA. In the last case a special
study is required. The Commentary gives the specifics of the nonlinear analysis
procedure and the conditions for a special study. Inter alia, an independent design
review is required when NRHA is used. Consultants (particularly in British Colum-
bia) often use response spectrum analysis for the design of high-rise irregular
buildings, and for important buildings such as hospitals. Linear time history analysis
is used only infrequently, whereas NRHA is not used in practice. Nonlinear analysis
is used mainly for the evaluation of existing buildings. It is considered to be a very
complicated task, being hardly ever justified for the design of a new building.
Pushover analysis is not directly referred to in the NBCC.

1.3.5.2 Chile

The present design building code, (NCh 433) does not consider and does not allow
nonlinear analysis (static or dynamic). Nevertheless, all buildings taller than four
storeys are required to have a peer review. This review is generally done using
parallel modelling and design. Seismic designs of some of the tallest buildings have
been reviewed using pushover analysis. The code for base isolated buildings
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(NCh2745) requires NRHA in all irregular or tall isolated structures. Nonlinear
properties are considered, at least for isolators. The code for industrial structures
(NCh2369) has always allowed for nonlinear analysis (static and dynamic) but it has
been used only on rare occasions, for structures with energy dissipation devices and
complex structures. The new design building code, which has been drafted and is
currently undergoing an evaluation process, does, however, take into account
nonlinear analysis and performance-based design. Nonlinear structural analysis is
taught at the undergraduate level at the universities. So young designers are able to
use standard software that includes nonlinear static and dynamic analysis. In
advanced design offices, nonlinear analysis is regularly used.

1.3.5.3 China

According to the 2010 version of the Chinese Code for Seismic Design of Buildings
(GB 50011-2010), linear analysis (static or dynamic) is the main procedure. “For
irregular building structures with obvious weak positions that may result in serious
seismic damage, the elasto-plastic deformation analysis under the action of rare
earthquake shall be carried out . . . In this analysis, the elasto-plastic static analysing
method or elasto-plastic time history analysing method may be adopted depending
on the structural characteristics”. In some cases simplified nonlinear analysis can be
also used. The code has a separate section for performance-based design, where it is
stated that either linear analysis with increased damping, or nonlinear static or
dynamic analysis can be used for performance states where nonlinear behaviour is
expected. In the case of tall buildings, linear analysis is performed for the frequent
earthquake level, whereas nonlinear analysis, including pushover analysis and
NHRA, is used for the major earthquake level. The type of the required nonlinear
analysis depends on the height and complexity of the structure. NRHA should be
performed for buildings with heights of more than 200 m or with severe irregular-
ities. Buildings higher than 300 m have to be analyzed using two or more different
computer programs in order to validate the results (Jiang et al. 2012).

1.3.5.4 Europe

Most countries in Europe use the European standard EN 1998 Design of structures
for earthquake resistance (called Eurocode 8 or EC8), which consists of six parts.
Part 1, enforced in 2004, applies to new buildings, and Part 3, enforced in 2005,
applies to existing buildings. The main analysis procedure is linear modal response
spectrum analysis. The equivalent static lateral force procedure can be used under
some restrictions. Nonlinear analysis is permitted. It can be static (pushover) or
NRHA. The basic requirements for pushover analysis (the N2 method) are provided
in the main text of Part 1, whereas more details are given in an informative annex.
NRHA is regulated very deficiently by only three clauses. In the revised version,
which is currently under development, pushover analysis will play a more prominent
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role, whereas, in the draft of the revision, NRHA is still not adequately regulated. In
practice, the use of NRHA is extremely rare, whereas the use of pushover analysis
varies from country to country.

1.3.5.5 India

Nonlinear analysis has not been included in the building code, and is not used in
design. No changes are expected in the near future.

1.3.5.6 Iran

The Iranian Seismic Code was updated in 2014 to the 4th Edition. The analysis
procedures include linear procedures, i.e. linear static, response spectrum, and linear
response history analyses, and nonlinear procedures, i.e. pushover and NRHA. The
linear static procedure is permitted for all buildings with heights of up to 50 m with
the exception of some irregular cases, whereas response spectrum and linear
response history analyses are permitted for all cases. Pushover analysis and
NRHA can be used for all kinds of buildings. However, one of the linear procedures
should also be performed in addition to nonlinear analysis. In the 50% draft version
of the code, the use of nonlinear analyses was encouraged by a 20% reduction in
force and drift limitations. In the final version, such a reduction is not permitted. The
pushover method is based on the EC8 and NEHRP 2009 approaches. A standard for
the seismic rehabilitation of existing buildings (Standard No. 360) exists. The first
edition was mainly based on FEMA 356, and the second edition is based mainly on
ASCE 41-06. This standard has been widely used in retrofitting projects, and also
sometimes in design projects. Pushover analysis is the most frequently used analysis
method in seismic vulnerability studies of existing public and governmental build-
ings. It is used for all building types, including masonry buildings. The most popular
is the coefficient method.

1.3.5.7 Japan

The seismic design requirements are specified in the Building Standard Law. In 1981
a two-phase seismic design procedure was introduced, which is still normally used in
design offices. The performance-based approach was implemented in 2000. Most
engineered steel and concrete buildings are designed with the aid of nonlinear
analysis (pushover or NRHA) in the second phase design. For buildings with heights
of less than 60 m, pushover analysis is usually conducted in order to check the
ultimate resistance of members and of the building. For high-rise buildings (with
heights of more than 60 m), NRHA is required. Usually, first a pushover analysis of a
realistic 3D model is conducted in order to define the relationship between the
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storey-shear and the storey-drift for each storey. These relationships are modelled by
means of trilinear models. NRHA is performed for a simplified structural model
where stick element models (shear or shear-flexure model) are used. Very rarely, a
complex 3D model is directly used for NRHA. Designs are subject to technical peer
review. The software needs to be evaluated by the Minister of the Land, Infrastruc-
ture, Transport and Tourism.

1.3.5.8 Mexico

The present code (MOC-2008) permits NRHA. The design base shear determined in
dynamic analysis should not be less than 80% of the base shear determined by the
static force procedure. Over the last 10 years NRHA has been used in Mexico City
for very tall buildings (having from 30 to 60 storeys), mainly because this was
required by international insurance companies. Static pushover analysis has been
seldom used in practice. The new code, which is expected to be published at the end
of 2017, will require dynamic spectral analysis for the design of the majority of
structures, and the results will need to be verified by a NRHA in the case of very tall
or large buildings non-complying with regularity requirements.

1.3.5.9 New Zealand

The NZ seismic standard (NZS1170.5) requires either a response spectrum analysis
or a response-history analysis (linear or nonlinear) in order to obtain local member
actions in tall or torsionally sensitive buildings. Even in the case of other buildings
(which are permitted to be analysed by equivalent static linear analysis), the
designers can opt to use more advanced analysis methods (so using pushover
analysis in such cases may perhaps be argued to be acceptable). In practice, majority
of structures are still designed using the linear static approach, but NRHA is
becoming more and more common. The use of the linear static method is also the
most common method used when assessing existing buildings, although pushover
analysis has also been used. Very recently, technical guidelines for the engineering
assessment of existing buildings were published (NZSEE 2017). They recommend
the use of SLaMA (Simple Lateral Mechanism Analysis) as a starting point for any
detailed seismic assessment. SLaMA represents a form of static nonlinear (pushover)
analysis method, which is a hand calculation upper-bound approach defined as “an
analysis involving the combination of simple strength to deformation representations
of identified mechanisms to determine the strength to deformation (push-over)
relationship for the building as a whole”. In addition to standard linear analyses
and SLaMA, the standard nonlinear pushover procedure and NRHA are also
included in the guidelines.
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1.3.5.10 Taiwan

The seismic analysis procedures have remained practically unchanged since the
2005 version of the provisions. In the case of new buildings, linear analysis using
the response spectrum method is a very common practice, regardless of the build-
ing’s regularity or height. Pushover analysis is also very popular as a means to
determine the peak roof displacement, the load factor to design the basement, the
ground floor diaphragm, and the foundation or piling. Linear response history
analysis is not common. NRHA is sometimes conducted for buildings using oil or
metallic dampers. In the case of tall buildings with or without dampers, some
engineers use general-purpose computer programs to evaluate the peak story drift
demands, the deformation demands on structural members, and the force demands
on columns, the 1st floor diaphragm, and the foundation or basement. Base-isolated
buildings have become more popular, and engineers like to use nonlinear springs for
base isolators only. Existing government buildings have to be retrofitted up to the
current standard for new constructions. Pushover analysis is very common for the
evaluation of existing condition of buildings and verifying the retrofit design.

1.3.5.11 Turkey

In the Specification for buildings to be built in seismic zones (which was adopted in
2007) nonlinear analysis is mentioned but not emphasized. A special chapter was
added to the Code in 2007, which is devoted to the seismic assessment and
retrofitting of existing buildings; it specifies the use of both the single-mode and
the multi-mode pushover procedures as well as the use of NRHA. However, these
methods have not been widely used in practice for assessment and retrofitting
purposes. The new code (the Turkish Seismic Code for Building Structures) will
be published by the end of 2017 and will be enforced after a one-year transition
period. In addition to the traditional force-based design, which is based entirely on
linear elastic analysis, the code contains a new section on displacement (perfor-
mance) based design, where the entire analysis is nonlinear, either pushover (several
different types of pushover analysis can be used) or response-history. Tall buildings,
the isolation level of the base isolated buildings and all other buildings in seismic
zones 1 and 2 (the most severe categories, out of 4), existing or new, which require
advanced seismic performance, have to be modelled by considering the nonlinear
response. For existing buildings, in addition to nonlinear procedures, a new
displacement-based equivalent linear procedure can also be used for buildings
where a soft storey mechanism is not expected. NRHA has been occasionally used
for tall buildings (since 2007) based on a draft code prepared for the seismic design
of tall buildings upon the request of the Istanbul Metropolitan Municipality. Except
in the case of tall and base isolated buildings, there have so far been almost no
practical applications of nonlinear analysis. For seismic rehabilitation, single mode
pushover analysis has been used in the past.
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1.3.5.12 United States

The structure of the guidelines, standards, and codes is complicated. The most
representative seem to be the ASCE standards. According to ASCE 7-16, which
applies to new structures, NRHA is permitted, but is not required. It is regulated in
Chapter 16, which has been completely rewritten in the last version of the standard.
A linear analysis has to be performed in addition to NRHA. An independent
structural design review is required. Existing structures are regulated by ASCE
41-13. Nonlinear procedures are permitted for all buildings. They are used for the
analysis of buildings where linear procedures are not permitted. There are some
limitations on the use of nonlinear static (pushover) analysis, whereas NRHA can be
used for all structures. However, when NRHA is used, “the authority having
jurisdiction shall consider the requirement of review and approval by an independent
third-party engineer with experience in seismic design and nonlinear procedures”.
Special Seismic Design Guidelines for Tall Buildings exist (PEER 2017) which
present a recommended alternative to the prescriptive procedures for the seismic
design of buildings contained in standards such as ASCE 7. NRHA is required for
MCEgr (Maximum Considered Earthquake) evaluation. It should be performed in
accordance with the provisions of ASCE 7-16, Chap. 16. Nonlinear static analysis
may be used to supplement nonlinear dynamic analysis as an aid to understanding
the yield hierarchy, overstrength, and effective values of R factors when this is
deemed desirable. In general, nonlinear analysis has been well established in the
United States.

1.4 Future: Risk Assessment. Is It a Feasible Option
for Codes?

1.4.1 Introduction

Historically, among the three features of seismic analysis, dynamics has been
implemented first, followed by inelasticity. The remaining feature is probability,
which has not yet found its way into the practice, with the exception of some very
important structures, although the theoretical background and computational pro-
cedures have been already developed. The evolution of reliability concepts and
theory in structural design are described in fib (2012).

The seismic response of structures is characterized by large uncertainties, espe-
cially with respect to the ground motion, but also in the structural modelling, so that,
in principle, a probabilistic approach would be appropriate for seismic performance
assessment. However, an average engineer is not familiar with probabilistic methods
and is very hesitant to use them. Also, a large part of the research community is
skeptical about explicit probabilistic approaches other than those used in seismic
hazard analysis.
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The results of a quick survey which was performed among some colleagues from
different countries indicate that almost all of them doubt that an explicit probabilistic
approach will be adopted in future building codes in their countries, at least in the
near future, with the exception of the United States, where this has already occurred
to some extent in ASCE 7, but has been very rarely used in practice. A more realistic
possibility is the adoption of an explicit quantitative consideration of risk in codes
for critical infrastructure.

Nevertheless, in the long term, it will be difficult to completely avoid quantitative
determination of risk. Also due to the public pressure on loss minimisation in addition to
life safety in most developed countries with high seismicity, the profession will be sooner
or later forced to accept some kind of risk-based design and assessment, at least for a
better calibration of different safety factors and force reduction factors used in codes.
Information on seismic risk would also facilitate discussions of design options between
designers, building owners and other stakeholders. However, the mandatory use of
explicit probabilistic approaches in seismic building codes, if it will ever happen, is still
very distant. “This time lag, however, should be regarded as an opportunity to familiarize
with the approaches before actual application.” (fib 2012, Preface). The prerequisite for
possible implementation of quantitative risk assessment in the codes are reasonably
reliable input data and highly simplified procedures, which are presented in a format
that is familiar to engineers, and which require only a small amount of additional effort
and competence. Inclusion of optional reliability-based material in the seismic codes
would help due to its educational role. The very first step has been very recently already
taken in Europe with a draft informative annex to ECS, as described in the next section.

1.4.2 Current State of Probabilistic Analysis in Seismic Codes

Probabilistic seismic hazard analysis (PSHA) is already well established. It is, as a
rule, performed by specialists and not by average designers. Since the early 1970s, it
has been used for the preparation of seismic hazard maps and for the determination
of the seismic design parameters of important structures. In the majority of codes,
including ECS8, the design ground motion corresponds to a return period of
475 years, which corresponds to a 10% probability of exceedance in 50 years.
Some codes use the return period of 2500 years (a 2% probability of exceedance
in 50 years). The analysis of structures is typically performed by deterministic
analysis, using the ground motion parameters corresponding to a prescribed return
period of the ground motion. In this analysis, the uncertainties are implicitly taken
into account by means of various safety factors. An explicit probabilistic approach,
which allows for the explicit quantification of the probability of exceedance of
different limit states, has not yet been implemented in building seismic codes
(with the exception of the ASCE-7 standard, as explained later in this section).
When using current seismic codes, “at the end of the design process there is no way
of evaluating the reliability actually achieved. One can only safely state that the
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adoption of all the prescribed design and detailing rules should lead to rates of failure
substantially lower than the rates of exceedance of the design action” (fib 2012, p.3).
“Risk-targeted maximum considered earthquake” (MCEg) ground motion maps
are a fairly new development in the United States. When using the previous uniform
hazard maps, corresponding to a 2% probability of the ground motion being
exceeded in 50 years, buildings were designed to resist uniform hazard ground
shaking levels, whereas buildings designed by using the MCER maps are intended
to provide the same level of seismic performance, meaning that they have the same
risk level. According to Kircher et al. (2012), “The risk-targeted MCER ground
motions are defined by two essential collapse objectives. First objective answers the
question — what is the acceptable collapse risk, that is, what is the acceptable
probability of collapse of a structure in 50 years? This probability was selected to
be 1 percent (in 50 years) ... The second collapse objective answers the question —
what is the acceptable probability of collapse of a structure given the MCEgR ground
motions occur at the site of interest? This conditional probability was selected to be
10 percent (given MCER ground motions). . .. The 1 percent in 50-year collapse risk
objective is the result of integrating the hazard function (which is different for each
site) and the derivative of the “hypothetical” collapse fragility defined by the
10 percent conditional probability (and an appropriate amount of collapse uncer-
tainty).” The new maps have been adopted in the 2010 edition of the ASCE
7 standard, and have remained in this standard also in the latest (ASCE 7-16) edition.
However, many researchers and practicing engineers in United States are not happy
with the new concept. There are several reasons for this. According to Hamburger,
who is one of the key persons in the development of seismic codes in the United
States, clients think they understand probabilistic ground motion (e.g. a 500-year or
a 2500-year event), but do not understand designing for a ground motion that
produces a 1% risk of collapse in 50 years. Most engineers do not understand this
well either, and have a difficult time explaining it. Moreover, the 10% probability of
collapse conditioned on MCEg, which is the basis for design, seems to be too
pessimistic given the very few collapses that have historically been experienced,
mostly in a population of buildings that does not conform to the present code
(RO Hamburger 2017, personal communication, 2. November 2017). The author
and his colleagues have also some doubts about the concept of risk-targeted seismic
maps. Whereas seismic hazard depends only on ground motion, risk depends both on
ground motion and structural behaviour. The usual hazard maps are based solely on
ground motion considerations, whereas the risk-targeted maps inevitably also
involve structural considerations, which makes the process more complex and less
transparent. The whole seismic design or assessment process is facilitated if the
ground motion problems can be separated from the structural problems.
Performance-based earthquake engineering seeks to improve seismic risk
decision-making through new design and assessment methods that have a probabi-
listic basis, as well as trying to take into account properly the inherent uncertainty.
The goals of performance-based earthquake engineering can be achieved by using
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methods which allow for the explicit quantification of risk of collapse and of
different damage states. Such procedures have already been developed. The most
influential has been the work of Cornell and colleagues at Stanford University. In
1996, Cornell (1996a) published “a convenient explicit probabilistic basis for new
seismic design and evaluation guidelines and codes”. The proposed procedure
avoided using “often very esoteric concepts of random vibration theory ... or
simulation of (practically) prohibitively large number of samples of events”. Instead,
“the proposed procedure makes use only of traditional and available tools”. In the
same year, Cornell (1996b) also presented his “personal view of the needs and
possible future path of project-specific earthquake resistant design and re-assessment
based on explicit reliability analysis” which “cannot be done without effective
estimates of the likelihoods of loss- and injury-inducing structural behaviour”. The
procedure, proposed in (Cornell 1996a), he classified as “future, but currently
feasible, practice”. In fact, the procedure became very popular among researchers.
The well-known SAC-FEMA approach (Cornell et al. 2002) is based on this work.
However, a procedure which requires a large number of NRHA analyses encounters
difficulties when searching for a way into the codes.

In 2012, the Applied Technology Council (ATC) developed a methodology for
the seismic performance assessment of buildings (FEMA P-58, 2012). The technical
basis of the methodology was the framework for performance based earthquake
engineering developed by researchers at the Pacific Earthquake Engineering
Research Center (PEER) between 1997 and 2010. As acknowledged in the Dedica-
tion of the report FEMA P-58, A. Cornell and H. Krawinkler were the leading forces
in the development of this framework. The methodology is intended for use in a
performance-based seismic design process. It is applicable to the assessment of new
or existing buildings. The procedures are probabilistic, uncertainties are considered
explicitly, and performance is expressed as the probable consequences, in terms of
human losses (deaths and serious injuries), direct economic losses (building repair or
replacement costs), and indirect losses (repair time and unsafe placarding) resulting
from building damage due to earthquake shaking. The implementation of the
methodology is described in companion volumes. An electronic Performance
Assessment Calculation Tool (PACT) was also provided. Nevertheless, the compre-
hensive methodology has not yet been included in the codes.

A rigorous explicit probabilistic approach for structural analysis, which utilises
recent research results, is, for example, the procedure provided in Appendix F to the
FEMA P-695 document (2009). This methodology requires: (a) a structural model
that can simulate collapse, (b) use of many (perhaps hundreds) of nonlinear response
history analyses, and (c) explicit treatment of many types of uncertainties. “This
process is too complex and lengthy for routine use in design.” (Haselton et al. 2017).
The explicit approach is nonetheless permitted by Section 1.3.1.3 (Performance-
Based Procedures) of ASCE 7-10 and ASCE 7-16. Tables with target (acceptable,
tolerable) reliabilities for failure were previously provided in the Commentary of
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ASCE 7-10, but have moved to the main part of the standard in ASCE 7-16. If using
performance-based design, designers are supposed to demonstrate through testing
and analysis that the design is capable of achieving these reliabilities. The analysis
and design shall be “subject to the approval of the authority having jurisdiction for
individual projects”. However, the standard permits implicit demonstration that the
target reliability can be achieved, therefore, in practice, explicit demonstration
through calculation of a failure probability will almost certainly never be done
(RO Hamburger 2017, personal communication, 2. November 2017). Moreover,
Hamburger states: “I would not look to rapid adoption of these [explicit probabilis-
tic] approaches procedures by the profession. Most engineers are not familiar with
probability and statistics, let alone structural reliability theory. Most have a qualita-
tive understanding of the basis for Load Resistance Factor Design, but are more than
happy to assume that the load and resistance factors do what is necessary to give
them safe designs.”

In Europe, a very comprehensive document dealing with explicit probabilistic
analysis is the Italian Guide for the Probabilistic Assessment of the Seismic Safety of
Existing Buildings (CNR 2014), developed by P.E.Pinto and P.Franchin. The Guide
is intended to “be of help in future revisions of the current standards”. Three
verification methods having different levels of complexity are presented.

In order to facilitate a gradual introduction of probabilistic considerations into
practice and codes, highly simplified practice-oriented approaches for the determi-
nation of seismic risk are needed, at least as a first step. Very recently, an informative
Annex to ECS, Part 1, entitled Simplified reliability-based verification format (CEN
2017), has been drafted by DolSek et al. (2017b). It provides a basis for a simplified
verification of the performance of a structure in probabilistic terms. It gives infor-
mation about (a) a simplified reliability-based verification format; (b) a procedure for
the estimation of the relationship between performance factors and the degree of
reliability; and (c) a procedure for the estimation of behaviour (i.e. force reduction)
factors with respect to target reliability for the NC limit state.

A very simple method called the Pushover-based Risk Assessment Method
(PRA), which is in line with the Annex and which requires only a very minor effort
in addition to a standard pushover-based analysis, is summarized in the next section.
For more details, see Kosic¢ et al. (2017), DolSek and Fajfar (2007), and Fajfar and
Dolsek (2012). By combining Cornell’s closed form solution (Cornell 1996a) and
the pushover-based N2 method (Fajfar 2000), which is used for the determination of
the capacity of the structure, the annual probability of “failure” of a structure can be
easily estimated, provided that predetermined default values for dispersions are
available. Compared to Cornell’s original approach, in the PRA method a large
number of nonlinear response history analyses is replaced by a few pushover
analyses (in most cases just a single one). Of course, like other simplified methods,
the PRA method has limitations, which are basically the same as those which apply
to Cornell’s closed form solution and to the basic N2 method.
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1.4.3 Summary of the Pushover-Based Risk Assessment
(PRA) Method

The “failure” probability of building structures, i.e. the annual probability of exceed-
ing the near collapse limit state (NC), which is assumed to be related to a complete
economic failure of a structure, can be estimated (Cornell 1996a; Fajfar and Dolsek
2012; Kosi€ et al. 2017) as:

Py = Pyc = exp[0.5 K fyc] H(Savc) =exp[0.5 K frc] ko Sones  (L.1)

where S,yc is the median NC limit state spectral acceleration at the fundamental
period of the structure (i.e. the capacity at failure), and Sy is the dispersion measure,
expressed as the standard deviation of the natural logarithm of S,y due to record-to-
record variability and modelling uncertainty. The parameters k and k, are related to
the hazard curve H(S,) which is assumed to be linear in the logarithmic domain

H(S,) = ko S;*. (1.2)

A seismic hazard curve shows the annual rate or probability at which a specific
ground motion level will be exceeded at the site of interest. The reciprocal of the
annual probability of exceedence is the return period T = 1/H.

In principle, dispersion fyc and hazard function should be consistent with the
intensity measure S, since they depend on it.

The capacity at failure S,y is estimated using the pushover-based N2 method
(Fajfar 2000), whereas predetermined dispersion values are used for fyc. Note that,
in principle, Eq. (1.1) can be applied for any limit state, provided that the median
value and the dispersion of the selected intensity measure are related to the selected
limit state. A widely accepted definition of the NC limit state, referred to in this paper
also as “failure”, is still not available. One possibility is to relate the global NC limit
state to the NC limit state of the most critical vertical element. Another option is to
assume that the NC limit state corresponds to 80% strength at the softening branch of
the pushover curve. The NC limit state was selected instead of the C (collapse) limit
state, since it is much easier to estimate capacities for the NC limit state than for the
C limit state. It should be noted, however, that the tolerable probabilities of exceed-
ance are higher for the NC than for the C limit state.

The determination of the spectral acceleration at the NC limit state S,yc can be
visualized in Fig. 1.6, where the equal displacement rule is assumed. In the accel-
eration — displacement (AD) format, S,yc is defined by the crossing point of the
vertical line, representing the displacement at the NC limit state, i.e. the displace-
ment capacity of the equivalent single-degree-of-freedom system representing the
structure, and the diagonal line, representing the period of the structure. The crossing
point is a point on the acceleration spectrum, which corresponds to the NC level
ground motion.
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Fig. 1.6 Illustration of parameters relevant for the determination of the capacities and force
reduction factors. In the plot the validity of the equal displacement rule was assumed. The presented
parameters apply to a general case, with the exception of the equalities in brackets which apply only
in the case if the equal displacement rule is valid

According to Eq. (1.1), the failure probability is equal to the hazard curve
evaluated at the median capacity S,yc, multiplied by an exponential magnification
factor which depends on the product of the variability of the S,yc (expressed by Syc)
and the slope (in log-log terms) k of the hazard curve. For frequently used values
(Pnc = 0.5 and k = 3.0) the correction factor amounts to 3.1. In such a case the
probability of failure is about three times larger than the probability of the exceed-
ance of the ground motion corresponding to the median capacity at failure in terms of
the spectral acceleration S,yc. If there was no variability (fyc = 0), both probabil-
ities would be equal.

Extensive studies have been performed in order to determine typical dispersions Sy¢
of the capacity at failure for reinforced concrete (RC) building structures using S,(7T') as
the intensity measure (Kosic et al. 2014, 2016). The results of these studies showed that
the values depend on the structural system and on the period of the structure 7. However,
in a simplified approach, it may be reasonable to assume fyc = 0.5 as an appropriate
estimate for RC building structures, with the exception of very stiff structures, where
Pnc 1s smaller. This value takes into account both aleatory (related to ground motion)
and epistemic (related to structural modelling) uncertainty.

Several options are available for the estimation of the parameters k and k. Best k and
ko estimates can be obtained by fitting the actual hazard curve by a linear function in
logarithmic domain. In absence of an appropriate hazard curve, k can be estimated from
seismic hazard maps for two return periods. If hazard maps for two different return
periods are not available, the only (very approximate) option is to assume a value of
k depending on the geographical location of the structure. Appropriate values of k are
usually within the range from 1 to 3 (exceptionally to 4). If the value of k, specific for the
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region, is not known, a value of k = 3.0 has often been used as an option in high
seismicity regions. In low seismicity regions the k values are usually smaller. Note that
k also depends on the intensity measure used in Eq. (1.1). In the case of the spectral
acceleration S, it depends on the period of the structure. This dependence should be
taken into account when a more accurate analysis is being sought (Dolsek et al. 2017a).

For the determination of the parameter k, at least one value of S, corresponding
to a specific return period needs to be known for the location under consideration,
e.g. S,p that corresponds to the return period of the design ground motion Tp and
represents the spectral acceleration in the elastic design spectrum. Knowing the
value S,p and the corresponding annual frequency of exceedance (H = 1/Tp), the
parameter k, can be obtained from Eq. (1.2) as follows:

ke = 1/(Tp - Sup). (1.3)

Considering Eq. (1.3), Eq. (1.1) can be written in the form

1

S Nk
Pyc = exp[0.5 K B¢ ™ (;f) . (1.4)

1.4.4 Applications of the PRA Method

The results of extensive studies have demonstrated that the PRA method has the
potential to predict the seismic risk of low- to medium-rise building structures with
reasonable accuracy, so it could become a practical tool for engineers. Typical values
of probabilities of exceedance of the NC limit state in a life-span of 50 years are, in
the case of buildings designed according to modern codes, about 1%. In the case of
older buildings, not designed for seismic resistance, the probabilities are usually at
least one order of magnitude higher (see, e.g., Kosi€ et al. 2014, 2016). It should be
noted, however, that the absolute values of the estimated failure probability are
highly sensitive to the input data and simplifying assumptions, especially those
related to the seismic hazard. Comparisons between different structures are more
reliable. Comparative probabilistic analyses can provide valuable additional data
necessary for decision-making. Due to its simplicity, the PRA method can also serve
as a tool for the introduction of explicit probabilistic considerations into structural
engineering practice.

The basic equation for the probability of failure can also be used in risk-targeted
design. In recent years this issue has been intensively studied by M. Dolsek and his
PhD students. Already in 2014, Zizmond and Dol$ek (2014) prepared a manuscript
proposing “risk-targeted behaviour factor”. In that manuscript the concept of force
reduction factors based on acceptable risk was developed and formulated in a form
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very similar to Eq. (1.12). The idea and the formulation, originally presented in that
manuscript, are of great help for understanding the empirical values of force
reduction factors and allow a scientifically based quantification of these factors.
Unfortunately, that manuscript was not accepted for publication in the international
journal to which it was submitted. A very substantial part of the text which follows in
this section is based on the work, ideas and formulations of M. DolSek and his former
students, especially J. Zizmond and N. Lazar Sinkovi¢.

For design purposes, Eq. (1.4) has to be inverted in order to express the ratio
between the spectral acceleration at failure S,¢ and the design spectral acceleration
S.p as a function of the return period corresponding to the target probability of
failure Tyc = 1/Pyc and the parameters k and fyc

Sanc _ (TNC
D

r
S T) exp[O.S k ﬂlzvc] = Yim> (1.5)

where index im stands for Intensity Measure (i.e. spectral acceleration at the funda-
mental period of the structure).

The factor y,,, initially proposed by Zizmond and Dolsek (2014, 2017), further
elaborated in (DolSek et al. 2017a), and used also in the draft Annex to revised EC8
(Dolsek et al. 2017b; CEN 2017), is the product of two factors.

The first factor (Tyo/Tp)"¥) takes into account the fact that the target probability
of failure (the NC limit state) is smaller than the probability of the design ground
motion or, expressed in terms of return periods, the target return period of failure is
larger than the return period of design ground motion. For example, in EC8 the
design ground motion for common structures corresponds to a return period of
475 years and is related to the significant damage (SD) limit state. Although the
SD limit state is not well defined, it certainly corresponds to a much smaller damage
than the NC limit state. It is attained at a much smaller deformation. The value of this
factor is equal to 1.0 if Tyc = Tp.

The second factor takes into account the uncertainties both in the ground motion
(record to record dispersion) and in the modelling. In codes, safety factors, which
take into account possible less favourable conditions, should be used. Safety factors
are typically based on probabilistic considerations and on experience. In a standard
deterministic analysis, the fixed values prescribed in codes are used. If a probabilistic
analysis is used, the uncertainty can be explicitly included in the calculations. The
value of this term is 1.0 if fyc = 0, i.e. if there is no uncertainty. Note that the second
factor is similar to the magnification factor in Eq. (1.1), the difference is only in the
exponent of k (1 versus 2).

The factor y;,, depends on the target and design return period, on the slope of
the hazard curve k, and on the dispersion fyc. For some frequently used input
data (k = 3, fyc = 0.5, Tyc = 5000 years, Tp= 475 years), y;, = 2.19 -
1.46 = 3.20.

By analogy to Eq. (1.5), the ratio of displacements dyc/dp, can be written as:
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dnc
E = 7edp’ (16)

where the index edp stands for Engineering Demand Parameter (DolSek et al.
2017a).

If the equal displacement rule applies, the ratio of accelerations is equal to the
ratio of displacements (Fig. 1.6) so that both y values are equal:

yedp =VYim- (17)

If the equal displacement rule does not apply, e.g. in the case of buildings with
fundamental period in the short period range, a more general relation between the
two y factors can be derived, provided that the relationship between the spectral
acceleration and displacement, i.e. between im and edp, is defined in closed form.
Using the simple R-u-T relationship (Fajfar 2000), implemented in EC8, Dolsek
et al. (2017a) derived a relation for structures with short periods, i.e. for structures
with the fundamental period T less than the characteristic period of the ground
motion T¢:

(e = 1) %+ 1

yedp:
(S - 1) %+

(1.8)

where S, represents the acceleration at the yield point of the structure (Fig. 1.6).

Dolsek et al. (2017a) called both y factors “risk-targeted safety factors”, since
they depend, inter alia, on the selected acceptable collapse risk. y,4, can be used, for
example, in displacement-based design for determining the displacement capacity,
whereas y,, can be applied when determining the force reduction factors used in
force-based design, as explained in the text which follows. In both cases, the y
factors should be applied to “best estimate” values, i.e. values determined without
any partial safety factors.

In the case of the nonlinear analysis in EC8, the design ground motion corresponds to
a return period of 475 years, whereas the target return period for failure (the NC limit
state) is much larger. The deformation demand, determined for a 475 year return period,
cannot be directly compared with the median deformation capacity corresponding to the
NC limit state. In order to allow a direct comparison of demand and capacity with proper
consideration of safety, the median NC capacity in terms of displacements has to be
reduced by dividing the NC displacement capacity with the risk-targeted safety factor
Yeap» Which takes into account both the difference in return periods and dispersion.
Earlier in this section it was shown that, for some frequently used data, y,,, is equal to
about 3. For structures with the fundamental period in the moderate or long period range,
for which the equal displacement rule applies, 7.4, is equal to ¥;,,. Thus, in such a case
the displacement capacity to be compared with the displacement demand, i.e. the design
displacement capacity, should be about three times smaller than the NC displacement
capacity. For more details see (Dolsek et al. 2017a).
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Using the idea and formulation of Zizmond and Dolsek (2014, 2017), the risk-
targeted safety factor y,,, can be used for the determination of the risk-targeted force
reduction factor R, as shown in the text which follows.

The force reduction factor R can be presented as a product of two factors:

R=R,-R, (1.9)

where R; is the so-called overstrength factor, and R, is the reduction factor compo-
nent which takes into account the deformation capacity and the inelastic dissipation
energy capacity. R, is also called ductility dependent part of the R factor. The
overstrength factor, which is an inherent property of properly designed, detailed,
constructed and maintained highly redundant structures, is defined as the ratio
between the actual strength of the structure and the strength used in code design.
R, is usually expressed in terms of a ductility factor, i.e. the ratio between the
deformation capacity (usually displacements) and the deformation at yield. In
general, it depends on the period of the structure 7. If the equal displacement rule
applies, the ductility dependent R, factor is equal to the ductility factor:

R, = pu (1.10)

In other cases, e.g. in the case of stiff structures with short periods, other relations
are used, e.g. the simple relation (Fajfar 2000), implemented in ECS:

R,,:(,u—l)1+1, T<Tc (1.11)
Tc
where T¢ is the characteristic period of ground motion.

When determining the value of a force reduction factor to be used in a code, it is
of paramount importance to take into account an appropriate value of the displace-
ment and ductility, which control the ductility dependent part of the reduction factor
R,,. The difference between the return period of the design ground motion and the
target return period of failure has to be taken into account, as well as uncertainties.
This can be achieved by using the design displacement capacity, as defined in the
previous example of application, i.e. the median displacement capacity at failure (the
NC limit state) divided by the factor y,4,. Alternatively, if the median NC displace-
ment capacity is used for the determination of the factor R, (denoted as R,yc), the
force reduction factor according to Eq. (1.9) should be reduced by the factor y;,
(Ziimond and Dolsek 2014, 2017; Dolsek et al. 2017b; CEN 2017):

R,nc - Rs
Vim

R= (1.12)

The different parameters which are related to the force reduction factor are
illustrated in Fig. 1.6. The presentation of the parameters is similar to that in

Fig. 1-2 presented in FEMA P-695 (FEMA 2009). The parameters (with the
exception of accelerations and displacements at both axes which have dimensions)
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are dimensionless ratios of accelerations or displacements. They are depicted as the
differences between two related parameters rather than as ratios of the parameters. In
order to facilitate presentation, in the plot the validity of the equal displacement rule
was assumed. Nevertheless, the presented parameters apply to a general case, with
the exception of the equalities in brackets which apply only in the case if the equal
displacement rule is valid. C; is the seismic coefficient, i.e. the reduced acceleration
used for the determination of design seismic action.

Equation (1.9) has often been used for the determination of force reduction
factors from the results of experimental and numerical investigations. Recently,
many studies have been aimed at determining appropriate values of reduction
factors, e.g. FEMA P-695 (2009). This study, which took into account probabilistic
considerations, is an example of a correct procedure. On the other hand, there have
been some studies aimed at determining force reduction factors for specific structural
systems, in which Eq. (1.9) was used incorrectly, i.e. too large values of the ductility
dependent R, factor were applied.

The principle of the reduction of forces and the derivation of relevant equations,
shown in the previous text, is based on a single-degree-of-freedom (SDOF) system.
Nevertheless, the force reduction factor approach has been widely used in codes also
for multi-storey buildings modelled as multi-degree-of-freedom (MDOF) systems
which can be approximately represented by an equivalent SDOF system.

1.4.5 Tolerable Probability of Failure
1.4.5.1 General

When determining the tolerable (called also acceptable or target) probability of
failure, the possible consequences in terms of risk to life and injury, the potential
economic losses, and the likely social and environmental effects need be taken into
account. The choice of the target level of reliability should also take into account the
amount of expense and effort required to reduce the risk of failure. The acceptable
risk is, of course, a reflection of personal and societal value judgements, as well as
disaster-based experience, and differs from one cultural environment to another. It is
therefore no wonder that generally accepted quantitative values for target structural
reliability, which could possibly be used in seismic design, do not exist. Neverthe-
less, some data are provided in the existing seismic regulations, as discussed in the
text which follows.

The standard measures for structural reliability are the reliability index $ and the
probability of failure Py, both of which are expressed either at the annual level or for
the reference period of the expected working life of the structure (50 years in the case
of ordinary buildings). The relationship between the probability of failure and the
reliability index is given as:
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Table 1.2 The relationship P, 10" (102 (107 [107* T10=° T10=° |10~
between Prand f (CEN 2002) 128 |233 [3.09 |372 |426 475 |5.0

Pr = ®(—p) (1.13)

where ®(.) is the standard normal cumulative probability distribution function.
Numerical values of the  — P,relationship are given in Table 1.2.

The reliability index f should not be confused with the dispersion measure
which is used in Sects. 1.4.3 and 1.4.4.

In EN 1990 (also referred to as Eurocode 0, CEN 2002) the target reliability depends
on the consequence class, i.e. on the consequences of the potential failure of buildings.
For ordinary buildings, the target reliability index for the “ultimate limit state” related to
one-year reference period is equal to f = 4.7 (the same value as that in the ISO 13822
standard). The corresponding probability of failure is about Py~ 107 In Sect. 1.2.2 of
EN 1990 it is stated that the choice of the levels of reliability should take into account, in
addition to the consequences of failure, also “the expense and procedures necessary to
reduce the risk of failure”. However, the provided target reliability indices do not depend
on cost issues. In the draft of the revised EN 1990, which is at the development stage, the
target annual probability of failure Py~ 107 remained unchanged. However, it is
explicitly stated that seismic limit states are excluded.

In the fib model code (2010), Section 3.3.3 is related to reliability. As in EN 1990,
it is stated that the target level of reliability should take into account the possible
consequences as well as the amount of expense and effort required to reduce the risk
of failure. It is also stated that due attention should be paid to differentiating the
reliability level of new and existing structures, since the costs of increasing the safety
of existing structures are usually high compared to the costs for new structures. Such
a differentiation of the reliability level can be performed on the basis of a “well
founded analysis”. If such an analysis is omitted, recommended target reliability
indices can be used. The target reliabilities for ordinary buildings are the same as
those given in EN 1990. In the case of recommended values, no distinction is made
with regard the costs of safety measures.

The Probabilistic model code (JCCS 2000) provides target reliability indices
which depend not only on the consequences of failure but also on the relative cost
of safety measures. In the code (p.18), it is stated: “A large uncertainty in either
loading or resistance (coefficients of variation larger than 40%), as for instance the
case of many accidental and seismic situations, a lower reliability class should be
used. The point is that for these large uncertainties the additional costs to achieve a
high reliability are prohibitive.” For ordinary buildings and normal relative costs of
safety measures, a reliability index for 1 year f = 4.2 (P~ 107°) is used, whereas in
the case of large costs (typical for seismic protection) f = 3.3 (P, ~ 5.107%). In the
model code, it is also stated that failure consequences also depend on the type of
failure, which can be ductile or brittle. “A structural element which would be likely
to collapse suddenly without warning should be designed for a higher level of
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reliability than one for which a collapse is preceded by some kind of warning which
enables measures to be taken to avoid severe consequences.” (JCCS 2000).

The target probabilities of failure in all three codes, which do not take into account the
difference in cost needed for increasing safety in a seismic design situation compared to
standard design, are much lower than that which could possibly be achieved by
complying with the current seismic codes. Only if the differentiation of the reliability
index according to the cost of safety measures is made, as suggested in all three codes,
but realized in the form of reduced target reliability indices only in the case of the
Probabilistic model code, the target probabilities are increased to more realistic values.
The annul probability Py ~ 5.107* (2.5% in 50 years), provided in the Probabilistic
model code for ordinary buildings, is even substantially higher than the currently most
popular value Py= 2. 107 (1% in 50 years, 8 =~ 3.5), suggested also in the draft Annex
to the revised EC8 (CEN 2017; Dolsek et al. 2017b), and confirmed in a discussion
among European code developers. The latter value is comparable to the probabilities of
failure estimated for buildings compliant with current seismic codes.

In ASCE 7-16 reliability indices for “load conditions that do not include earth-
quake, tsunami, or extraordinary events” are provided. For “structural stability
caused by earthquake”, target reliabilities are given in terms of “conditional proba-
bility of failure caused by the MCEg shaking hazard”. For ordinary buildings the
target probability amounts to 10%. (For discussion on the MCER concept, see Sect.
1.4.2.). It should be noted that the conditional probability of failure due an assumed
earthquake cannot be directly compared with the probability of failure due to
earthquakes in the working life of a building.

When discussing acceptable risk of failure, a distinction should be made between
physical collapse (i.e. the collapse or C limit state) and economic failure without
physical collapse (i.e. the near collapse or NC limit state). Of course, the tolerable
probability for collapse, which would very likely result in human casualties, is
smaller. Apparently, the definition of failure in most codes corresponds to the NC
limit state. In EN 1990 it is stated: “States prior to structural collapse, which, for
simplicity, are considered in place of the collapse itself, may be treated as ultimate
limit states.” Also the estimation of seismic risk in probabilistic analyses is mostly
related to the NC limit state, since it is extremely difficult to numerically simulate the
complete physical collapse of a building.

1.4.5.2 Acceptable Risk in Slovenia

The Republic of Slovenia is a country with a moderate seismic hazard, where
earthquakes up to a magnitude of about 7 and an EMS intensity of IX are possible
throughout its territory. An internet-based survey was conducted in 2013 in order to
gather data about the perception of seismic risk in Slovenia. In view of the expected
differences of opinion between experts and the lay public, the survey was conducted
in two groups, where respondents were differentiated according to their expertise in
the field of project design and building construction. The first group of respondents
were members of the Slovenian Chamber of Engineers (denoted as “experts”).
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217 responses were received. Most of the respondents were working in the field of
project design (55%) or construction (41%). Their answers were compared to the
answers of the lay public sample (502 respondents) which was located using
snowball sampling. It should be noted that the sample of lay people was not
representative for all inhabitants of Slovenia, and was to a large extent limited to
people with higher levels of education. The results of the survey did not, in most
cases, show significant differences between the two samples. High agreement
between the answers was observed also in the answers regarding the tolerable
probability of collapse of buildings built according to the current seismic regulations.
Both groups were asked how many buildings, on average, can be tolerated to
collapse as a direct consequence of an earthquake during their expected working
life (i.e. 50 years). The results are shown in Fig. 1.7 (left). In a similar question
respondents were asked about the tolerable probability of economic failure (i.e. the
building does not collapse physically, but repair is not economically justified,
corresponding to the NC limit state) for buildings built according to the current
seismic regulations (Fig. 1.7, right)). A significantly higher tolerable probability than
in the case of building collapse was expected. However, surprisingly, there was only
a small difference between the tolerable probability of collapse and the tolerable
probability of economic failure. For both groups of respondents, a large scatter of
results can be observed. The mean values of the tolerable probabilities of collapse
and economic failure in a working life of 50 years are presented in Table 1.3. More
details of the survey are available in (Fajfar et al. 2014).
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Fig. 1.7 Distribution of tolerable probabilities of collapse and economic failure in 50 years for
ordinary buildings, built according to the current seismic regulations
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Table 1.3 Mean values of the tolerable probabilities of collapse and economic failure in 50 years
for ordinary buildings, built according to the current seismic regulations

Prob. of collapse Prob. of econ. failure
Experts 1/1780 = 5.62:10~* 1/1000 = 10.0 - 10~*
Lay people 1/1740 = 5.75-10~* 1/1320 =7.58 - 1074

The results shown in Table 1.3 suggest that both experts and lay people expect, on
average, a lower probability of failure than that which has been estimated for
buildings complying with the current seismic regulations.

1.5 Conclusions: Analysis Procedures Available for All
Needs

The seismic response of structures subjected to strong ground motion is dynamic,
inelastic, and random. Historically, the three major response characteristics of
seismic structural response have only gradually penetrated into the analysis of
structures, which is one of the most important parts of seismic provisions. Such
analysis provides estimates of seismic demands, which are then compared with
corresponding capacities.

After static analysis, which was used in early codes, linear dynamic methods were
developed and are currently well established. Explicit nonlinear analysis, taking into
account inelastic structural behaviour, is a relatively new achievement. In recent
seismic codes, explicit nonlinear analysis has been typically adopted as an optional
procedure, which, however, is in some codes mandatory for special structural
systems. The most advanced deterministic analysis method available today is
nonlinear response history analysis (NRHA). It is irreplaceable for the research
and for the design and/or assessment of very important buildings. However, due to
its complexity, it has, in practice, only rarely been used, with the exception of some
special structures. Pushover-based methods are a simpler option, combining a
nonlinear static (pushover) analysis with the response spectrum approach. They
represent a rational practice-oriented tool for the seismic analysis of many but not
all structures.

Probabilistic considerations have been taken into account in seismic hazard
analysis and in the development of different kinds of safety factors, whereas an
explicit probabilistic approach, which allows a quantification of risk, as needed in
performance-based earthquake engineering, has not yet been implemented in seismic
building codes, with the partial exception of the United States. Considering the
reluctance of the great majority of engineers and also a large part of researchers to
accept probabilistic methods, it is extremely unlikely that these methods will be
adopted in seismic codes in the foreseeable future as a mandatory option. They are
indispensable, however, for a better calibration of different safety factors and force
reduction factors in current codes.
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A rigorous seismic analysis that could take into account all three major response
characteristics (dynamics, inelasticity and randomness) is too demanding for most
practical applications. As well as this, the large uncertainties which are related to
both ground motion and the modelling of structures do not permit accurate pre-
dictions of the structural response during future earthquakes. Simplified approaches
have been developed in different historical periods, depending on the knowledge and
computational tools available at the time. When a new procedure was implemented,
the existing analysis procedures mostly remained in the codes. For example,
dynamic analysis has not replaced static analysis, and nonlinear analysis has not
replaced linear analysis; the new procedures just complemented the old ones.
Currently, several analysis procedures with different complexity levels are available
for different needs. They have been developed to a stage in which, if properly
applied, permit, together with appropriate conceptual design, dimensioning and
detailing, the construction of building structures which, with a very high probability,
would not collapse due to earthquakes. This has been often demonstrated in recent
earthquakes. Unfortunately, the limitation of structural and non-structural damage is
still an issue. Further improvements are needed, inter alia, in the reliability of input
data and structural modelling. In practice, the competence of designers, as well as the
financial and time restrictions imposed on the design projects, also have to be taken
into account.
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Chapter 2 ®)
Implications of Site Specific Response s
Analysis

Atilla Ansal, Gokce Toniik, and Ash Kurtulug

Abstract Definition of design earthquake characteristics, more specifically uniform
hazard acceleration response spectrum, on the ground surface is the primary component
for performance based design of structures and assessment of seismic vulnerabilities in
urban environments. The adopted approach for this purpose requires a probabilistic local
seismic hazard assessment, definition of representative site profiles down to the engi-
neering bedrock, and 1D or 2D equivalent or nonlinear, total or effective stress site
response analyses depending on the complexity and importance of the structures to be
built. Thus, a site-specific response analysis starts with the probabilistic estimation of
regional seismicity and earthquake source characteristics, soil stratification, engineering
properties of encountered soil layers in the soil profile. The local seismic hazard analysis
would yield probabilistic uniform hazard acceleration response spectrum on the bedrock
outcrop. Thus, site specific response analyses also need to produce a probabilistic
uniform hazard acceleration response spectrum on the ground surface. A general review
will be presented based on the previous studies conducted by the author and his
co-workers in comparison to major observations and methodologies to demonstrate
the implications of site-specific response analysis.

2.1 Introduction

The major uncertainties in site-specific response analysis arises from the variability of
(a) local seismic hazard assessment, (b) selection and scaling of the hazard compatible
input earthquake time histories, (c) soil stratification and corresponding engineering
properties of encountered soil and rock layers, and (d) method of site response analysis.
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The uncertainties related to local seismic hazard assessment (Erdik 2017), even
though it has primary importance on the outcome of the site-specific response
analyses, will not be considered here and the discussion in this article will start
with the second source of uncertainties related to selection and scaling of the hazard
compatible input earthquake time histories.

In general, procedures for the selection of design ground motions are specified in
codes. For example, ASCE 7-05 (2016) requires at least five recorded or simulated
rock outcrop horizontal ground motion acceleration time histories are selected from
events having magnitudes and fault distances that are compatible with those that
control the MCE (Maximum Considered Earthquake).

One option may be to select, as much as possible, large number of acceleration
records compatible with the local earthquake hazard in terms of fault mechanism,
magnitude and distance range recorded on stiff site conditions to account for the
variability in earthquake source and path effects. In addition, these records would
require scaling with respect to uniform hazard acceleration response spectrum
estimated on the bedrock outcrop.

Likewise, the observed variability and level of uncertainty in site conditions and
engineering properties of soil layers was observed to play in important role in
modelling site response (Thompson et al. 2009; Li and Assimaki 2010). Thus,
similar to the selection of large number hazard compatible acceleration records,
one option may be conducting site response analyses for large number of soil profiles
for the investigated site to assess design acceleration spectra with respect to different
performance levels. At this stage, one may also consider using Monte Carlo Simu-
lations to increase the number of soil profiles (Ansal et al. 2015a). The goal of a site-
specific response analysis is to develop a uniform hazard acceleration response
spectrum on the ground surface.

For standard engineering projects, the seismic design criteria may be taken from
the appropriate earthquake design codes. However, for important engineering pro-
jects where the consequences of failure are more serious, and the cost would be very
high, it is preferable to determine the earthquake design criteria from a site specific
probabilistic seismic hazard analysis.

The first option for specifying site specific acceleration spectrum on the ground
surface is to use contemporary ground motion prediction equations (Abrahamson
et al. 2014; Boore et al. 2014; Campbell and Bozorgnia 2014). These formulations
would yield only generic assessment of the earthquake characteristics on the ground
surface. Baturay and Stewart (2003) observed that relative effectiveness of the site
response analyses is illustrated by the reduced standard deviation of residuals for
sites at short periods and predictions relative to generic site terms improved signif-
icantly for soft sites having large impedance contrasts within the profiles.

The second option is to use empirical amplification factors such as those
suggested by Borcherdt (1994) and NEHRP (2015) based on equivalent average
shear wave velocity. However, it was observed based on recorded ground motion
data (Ansal et al. 2014, 2015a) and based on parametric studies (Baturay and Stewart
2003; Haase et al. 2011) that use of average shear wave velocity (V3p) may not
always yield spectral accelerations on the conservative side on the ground surface. In
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addition, these procedures are deterministic procedures that would lead to surface
ground motion levels with unknown exceedance probabilities, that may be
non-uniform, non-conservative, and inconsistent across frequency range (Bazzurro
and Cornell 2004a, b). This approach may also be considered as a hybrid approach
where the mean amplifications are used.

Rathje and Ozbey (2006) developed a probabilistic site response analysis model
based on random vibration theory. The proposed approach is an attractive alternative
to other site response methods, since it does not require input acceleration records.
However, the results obtained were systematically different in the order of 20-50%
larger than time-series analysis. The authors confirm that site response analysis
based on random vibration theory yields the largest overprediction occurring for
sites with smaller natural frequencies and sites underlain by hard rock. The over-
prediction is caused by an increase in duration generated by the site response (Kottke
and Rathje 2013). Correcting for this change in duration brings the random vibration
theory site response results within 20% of the results obtained by site response
analysis based on acceleration records.

There has been significant amount of work done related to the sources of
variability and bias in site response analysis. Kaklamanos et al. (2013) conducted
a detailed study based on the data obtained in the Kiban-Kyoshin network (KIK-net)
to determine the critical parameters that contribute to the uncertainty in site response
analysis. They observed that 1D equivalent-linear site-response method generally
yields underprediction of ground motions, except in the range of 0.5-2 s, where the
bias is slightly negative. Relative to empirical site amplification factors, site specific
ground response analyses offer a reduction in the total standard deviation at short
spectral periods. In addition, Kaklamanos et al. (2015) in the comparison of 1D
linear, equivalent-linear, and nonlinear site response models observed that strains
greater than approximately 0.05% nonlinear models exhibit slight improvements
over equivalent-linear models.

Site-specific response analyses are deterministic computations of site response
given certain input parameters. The results of these calculations need to be merged
with the probabilistically derived ground motion hazard for rock outcrop site
conditions. Bazzurro and Cornell (2004a) recommended a convolution method for
combining a nonlinear site amplification function with a rock hazard curve to
estimate a soil hazard curve. The principal advantage of this approach relative to
the hybrid approach is that uncertainties in the site amplification function are directly
incorporated into the analysis. Another more simplified approach may be to evaluate
site response analyses output adopting a probabilistic approach as suggested by
Ansal et al. (2011, 2015b).

The principle option is to develop completely probabilistic site specific seismic
hazard analysis. Site-specific probabilistic ground-motion estimates should be based
on the full site-amplification distribution instead of a single deterministic median
value. A probabilistic methodology using site-amplification distributions to modify
rock ground-motion attenuation relations into site specific relations prior to calcu-
lating seismic hazard need to be considered (Cramer 2003). The use of a completely
probabilistic approach can make about a 10% difference in ground motion estimates
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over simply multiplying a bedrock probabilistic ground motion by a median site-
amplification factor even larger differences at smaller probabilities of exceedance.
The value of this approach is that a probabilistic answer incorporating the uncer-
tainty in our knowledge of site amplification of ground motions can be calculated.

The purpose is to improve the accuracy of predicted ground motions relative to
the use of median predictions from empirical ground motion prediction equations
(GMPEs) with their site terms (Stewart et al. 2014). However, site response is
considerably more complex including surface waves, basin effects (including focus-
ing and basin edge-generated surface waves), and topographic effects. Thus, 1D site-
specific response analyses may not always be effective for accurately modelling
and/or predicting site effects, however, in comparison to alternatives of GMPEs and
empirical amplification factors, site response analysis would model the probable
surface spectrum more adequately. If needed, 2D analysis may also be performed
(Ansal et al. 2017a) to account for 2D effects.

2.2 Selection of Input Acceleration Records

Bommer and Acevedo (2004) and Bommer et al. (2000) recommended to use
recorded acceleration time histories in dynamic response analysis. It is also prefer-
able to use recorded strong ground motion records for site response analysis as
observed by Ansal and Toniik (2007) since the use of simulated acceleration records,
in general may yield overconservative results.

The selection and scaling of input acceleration time histories is an important stage
in site response analysis (Ansal et al. 2015a, b; Toniik and Ansal 2010; Toniik et al.
2014; Bradley 2010, 2012; Haase et al. 2011; Kottke and Rathje 2011; Malhotra
2003; Rathje et al., 2010). One of the primary concern is the selection of acceleration
time histories recorded under similar tectonic conditions within the range of the
expected magnitude, fault distance, and fault type recorded on stiff site conditions
with shear wave velocity of vy > 750 m/s. In addition, recorded PGA and spectral
accelerations should be in the similar range in comparison to those estimated based
on uniform hazard acceleration response spectrum on the rock outcrop.

One important issue is related to number of acceleration records that need to be
used for site response analysis. It was observed that if the number of selected
acceleration records are in the range of 22-23, the calculated mean response
spectrum is consistent with only minor changes with additional input records as
shown in Fig. 2.1. In the case of using limited number of acceleration time histories
for example 5 as suggested by ASCE 7-05 (2016) the mean spectra and standard
deviation of all input records may be significantly different.

In the case of site response analysis, different number of input acceleration
records would yield different mean acceleration spectra on the ground surface as
shown in Fig. 2.2. The comparison of calculated mean acceleration spectra for
21 and 23 input acceleration records are very similar indicating that for this case
study 21-23 acceleration inputs would be sufficient to calculate the mean spectral
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Fig. 2.1 Effect of the number of selected input acceleration time histories

acceleration response spectrum on the ground surface. The other issue is depending
on the properties of the selected limited number of acceleration time histories, the
site response analyses would yield different results.

2.3 Scaling of Input Acceleration Records

The adopted scaling procedure have three goals, (a) to obtain the best fits with
respect to rock outcrop target uniform hazard acceleration spectrum, (b) to match the
target acceleration spectrum within the considered period range (c) to decrease the
scatter in the acceleration spectra after scaling. Using 1D equivalent linear site
response model at sites with pre-determined hazard, the response variability is
investigated for selected 22 acceleration records compatible with the site specific
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Fig. 2.2 Effect of the number of input acceleration time histories on the site response

earthquake hazard in terms of expected fault mechanism, magnitude, and distance.
The selected records are scaled to different intensity measures, namely; peak ground
acceleration (PGA), peak ground velocity (PGV), and Arias intensity (Al), the
analyses are repeated, and the variability introduced by scaling is evaluated (Durukal
et al. 2006). Scaling of input time histories was carried out in time-domain that
involves changing only the amplitude of the time series. The scaled records were
applied as outcrop motion on the engineering bedrock.

The distribution of the calculated PGAs on the ground surface for all selected
borings and the PGA corresponding to 10% exceedance level based on distribution
function for the three scaling options are shown in Fig. 2.3. Considering all three
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Fig. 2.3 Histograms of Sa(0.2 s) on the ground surface for PGA, PGV, and Al scaled records
(Ansal et al. 2006)

parameters calculated to determine the range of variability in each set (kurtosis and
normalized standard deviation being minimum and range being the smallest), the
PGA scaling is observed to be the most suitable scaling parameter in terms of
calculated peak ground accelerations on the ground surface (Ansal et al. 2006).

At the second stage, the distance compatibility criteria are evaluated by conducting
site response analysis using different sets of earthquake time histories recorded at
different fault distances scaled in a similar manner (Ansal et al. 2006). As observed in
Fig. 2.4, in the case PGA scaling, fault distance becomes an important factor while in the
case of Arias Intensity scaling distance appears as an insignificant factor.

Assuming the suitability of PGA as a primary scaling parameter, a parametric
study was conducted to evaluate the effects of input motion scaling with respect to
target outcrop uniform hazard acceleration spectrum based on PGA scaling. The
most widely adopted is PGA scaling of the selected hazard compatible set of SM
acceleration records (Ansal et al. 2006). The acceleration spectra of these PGA
scaled acceleration records with respect to uniform outcrop hazard acceleration
spectra for return periods of 2475 and 475 years are shown in Fig. 2.5a.
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Fig. 2.5 Acceleration spectra of (a) PGA and (b) best fit mean spectrum scaled input motion
records

The second option is to modify the input motion set to have better outcrop
uniform hazard spectra compatibility by using a simple optimization scheme by
PGA scaling to have the best fit of the mean acceleration spectra with respect to the
outcrop uniform hazard spectra. The spectra of all scaled SM records and the mean
spectrum with respect to outcrop hazard spectrum are shown in Fig. 2.5b. It was
observed that in the case of mean spectrum scaling, a better fit is obtained with
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Fig. 2.6 Acceleration spectra of spectra based scaling (Abrahamson 1993)

respect to target uniform hazard acceleration spectrum and the scatter of calculated
acceleration spectra for all input records have decreased significantly.

The other possible scaling option is also to modify the frequency content of the
selected acceleration records to have better fit to the outcrop uniform hazard spec-
trum. The spectra of all scaled strong motion records based on Abrahamson (1992,
1993) methodology and the mean spectrum are shown in Fig. 2.6 in comparison to
uniform hazard spectrum. This approach gave the best fits with respect to spectra
scaling for the outcrop uniform hazard spectra with very limited scatter in the
individual acceleration spectra of the 22 scaled strong motion records and with
very low standard deviation (Ansal et al. 2012).

2.4 Site Response on the Ground Surface

Site response analyses were carried out for 25 borings conducted as a part of the
geotechnical investigation with shear wave velocity profiles determined based on
SPT blow counts, seismic surface and in-hole tests. The input strong motion
acceleration records are scaled with respect to three scaling options (PGA, mean
spectrum, spectral) are used for site response analyses. The acceleration response
spectra on the ground surface are shown in Fig. 2.7 corresponding to return periods
of 2475 and 475 years.

The mean acceleration response spectra calculated on the ground surface based
on three scaling alternatives as shown in Fig. 2.7, indicate slight to significant
deamplification with respect to outcrop uniform hazard spectrum. One of the reasons
for deamplification in the case of spectra scaling is most likely due to frequency
changes applied to acceleration time histories to match the target acceleration
spectrum. The spectra compatibility for the selected SM records that was improved
by mean spectrum scaling to have better fit with the outcrop uniform hazard
spectrum gave slightly higher spectral accelerations with respect to conventional
PGA scaling approach.
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One possible other observation from Fig. 2.7, that it would be unconservative to
adopt mean acceleration spectra for design purposes since in all three scaling
options, the calculated ground surface mean spectral accelerations are in the range
of outcrop uniform hazard spectrum, this would be on the unconservative side. The
option recommended by the author was to adopt mean + 1 standard deviation as
possible design uniform hazard spectrum on the ground surface for the return periods
of 475 and 2475 years as shown in Fig. 2.8 (Ansal and Tonuk 2009).

The geotechnical data comprised of 25 soil profiles indicating possible variability
at one site was adopted to study the site-specific design acceleration spectra for
corresponding to return periods of 475 and 2475 years. The highest level of spectral
accelerations was calculated by mean spectrum scaling approach. The conventional
PGA scaling yielded similar or slightly lower spectral accelerations. In the case of
spectra scaling (Abrahamson 1993), the spectral accelerations on the ground surface
were less than to those corresponding to PGA scaling, interestingly for the case
studied; this approach did not lead to spectral amplifications. Considering the
additional time for spectral scaling and in the light of these preliminary results, it
would not be feasible and conservative to adopt spectral scaling site specific
response analyses.
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Fig. 2.9 Comparison of some worst case PGA and spectra scaled input acceleration records

Ansal and Toniik (2007) and Ansal et al. (2006) observed that PGA scaling
generally would yield conservative results in comparison to other scaling alterna-
tives. Since in most cases structural designs are based on acceleration response
spectra rather than PGA, as an alternative option, each input hazard compatible
acceleration record is scaled with respect to the target uniform hazard acceleration
spectrum (defined as spectra scaling) by minimizing the difference between the
calculated and the target spectrum utilizing a simple nonlinear optimization routine
by modifying the scaling factor, PGA for each record. The comparison of the three
worst cases is shown in Fig. 2.9 where PGA and spectra scaling yield significantly
different input acceleration spectrum that demonstrates the main advantage of the
spectra scaling. In addition, as can be observed in Fig. 2.10, the scatter of the
acceleration spectra for input acceleration records are slightly reduced in the case
of spectra scaling approach. This fitting option was also suggested by ASCE
7-05 (2016).

2.5 Site Specific Design Spectrum

The possible differences in soil profiles within relatively short distances and obser-
vations in previous earthquakes (Hartzell et al. 1997) have indicated necessity to
adopt detailed site response analysis for the estimation of site-specific design
earthquake acceleration spectra. Baturay and Stewart (2003) observed that site
response analyses are needed for spectral acceleration predictions for especially
soft sites.

A parametric study was conducted for a site based on 40 available soil borings
where shear wave velocity profiles were modelled by averaging the measured or
calculated values for each soil layer. The variations of shear wave velocities with
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Fig. 2.10 Comparison of PGA and spectra scaled input acceleration records

depth were determined from SPT blow counts using the empirical relationship
proposed by lyisan (1996) and from shear wave velocity measurements with depth
by in-hole seismic wave velocity measurements (PS Logging Method).

The modified version of the site response analysis code, Shake91 updated by
Idriss and Sun (1992) to account for frequency and stress dependence of dynamic
shear moduli and damping similar to what was suggested by Assimaki and Kausel
(2002) was used to evaluate the effects of local soil stratification and to calculate
acceleration response spectra on the ground surface (Ansal et al. 2009, 2015a, b).
Site response analysis were conducted for 40 shear wave velocity profiles using the
22 input acceleration time histories (Peer 2014) yielding 880 site response analyses
for exceedance levels corresponding to 475 and 2475 years return period.

One possible approach to determine the uniform hazard acceleration response
spectrum on the ground surface is to assume that it is possible to carry out a
probability analyses for peak ground and spectral accelerations separately. The effect
of input earthquake record, in terms of peak ground acceleration and acceleration
response spectrum can be modelled by adopting suitable probability distribution
functions (Ansal et al. 2011, 2015a, b). Assuming the statistical distribution of
calculated peak ground accelerations (Fig. 2.11) can best be modelled by Beta
distribution. PGA values corresponding to return periods of 475 and 2475 years
are calculated based on Beta distribution using the identical exceedance probabilities
adopted in the seismic hazard study and based on mean + 1 standard deviation. The
difference between PGA calculated by the probabilistic approach and as the mean + 1
standard deviation may be considered insignificant for practical engineering appli-
cations for the case study presented in Fig. 2.11 (Ansal et al. 2017b).
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Fig. 2.11 Distribution and probability of PGA for 475 and 2475 years return period

The proposed approach is very similar to developing a probabilistic amplification
distribution function considering major parameters affecting site response (soil
stratification, shear wave velocity profiles, input acceleration records) at the first
stage and in the second stage by multiplying it with the probabilistic rock outcrop
distribution to obtain the probabilistic ground surface uniform hazard acceleration
spectrum (Cramer 2003, 2006). The effect of the soil layers on the ground motion
characteristics at the surface was expressed as frequency-dependent amplification
function, AF(f), as suggested by Bazzurro and Cornell (2004a);

AF(f) = $5()/Sa(f) (2.1)

where fis a generic oscillator frequency, . (f) and S/ (f) are the 5%-damped spectral-
acceleration values at the soil surface and at the bedrock, respectively.

The acceleration spectra for RP = 475 and 2475 years for 40 soil profiles and
22 spectra scaled input acceleration records are calculated by assuming normal
distribution for each period level based on 880 calculated acceleration response
spectra as shown in Fig. 2.12. The spectral accelerations calculated for 10% exceed-
ance probability based on probabilistic approach (Fig. 2.12a) are similar or slightly
above those calculated based on mean + 1 standard deviation. However, in the case
of RP = 2475 years, the probabilistic spectrum corresponding to 2% exceedance
(Fig. 2.12b) is higher, thus more conservative compared to spectrum calculated
based on mean + 1 standard deviation. In the case of 475-year return period, it
may be justified to adopt mean + 1 standard deviation spectrum as the design
spectrum since the results are very similar with the probabilistic approach where
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Fig. 2.12 Acceleration spectra on the ground surface for RP = 475 and 2475 years

the average difference ratio with respect to probabilistic approach is 9%. However,
in the case of 2475-year return period, the difference between probabilistic interpre-
tation and mean + 1 standard deviation spectrum is different with the average
difference ratio is 28%. Thus, for the case of 2475 year return period, even though
it will be a conservative choice, it may be more reliable and safer to design with
respect to 2% exceedance probability.

The main purpose is to develop the uniform hazard acceleration spectrum on the
ground surface based on the uniform hazard acceleration spectrum on the rock
outcrop that was calculated by the probabilistic hazard analyses. As summarized
above the variability due to source and path effects was considered by conducting
site response analysis for large number of hazard compatible acceleration time
histories. The other important causes of uncertainty are arising from the variability
of soil stratification and engineering properties of encountered soil layers. One
option is to conduct as many site response analyses as possible, as in the approach
adopted for the case of hazard compatible input earthquake acceleration records. The
main question at this point is, what would be the sufficient number of soil profiles to
account for the variability of the site conditions. In large engineering projects, there
can be large number of borings.

In one case study as shown in Fig. 2.13a, a parametric study was conducted at a site
with relatively large number of borings. In this case study, it is very visible that up to
15 soil profiles, site response analysis would yield relatively overconservative high
spectral accelerations. The sufficient number of borings to determine a reliable uniform
hazard design acceleration spectrum is observed to be approximately 30 since the
average difference between two consecutive calculated spectral accelerations are insig-
nificant (less than 0.01 g) as shown in Fig. 2.13b. The increase in the number of soil
profiles to 40 leads to a further slight decrease in the difference indicating the suitability
of this approach in evaluating the variability in site conditions and in the applicability of
the probabilistic approach as suggested previously in Figs. 2.11 and 2.12.

In the case of using Monte Carlo simulation for generating additional soil profiles
based on available soil profiles, the number of necessary soil profiles is observed to
be approximately same as 30 based on the variability on the acceleration spectra with
number of soil profiles as observed in Fig. 2.14a and in terms of mean and maximum
spectral accelerations as shown in Fig. 2.14b.
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2.6 Conclusions

Based on the results of case studies summarized, it is possible to develop a
simplified procedure to determine acceleration design response spectrum on the
ground surface for two mostly adopted return periods. The procedure is not fully
a probabilistic procedure, however, based on the observations the proposed
approach may be assumed to yield uniform hazard acceleration design spectrum
on the ground surface. The approach is based on the determination of amplifica-
tion function based on major factors affecting site response analysis. The case
studies composed of different number of soil profiles from different site inves-
tigations were used to conduct parametric studies. The approach is based on
performing multiple number of site response analysis using hazard compatible
acceleration records, that are scaled with respect to target acceleration response
spectrum. It was observed that reliable results would be calculated on the ground
surface if the number of input acceleration records are in the order of 22-23. It
was also observed that the response acceleration spectra calculated on the ground
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surface, similarly to account for site variability, the number soil profiles are
estimated based on a case study to be in the order of 30 soil profiles.

It is possible to define the design uniform hazard acceleration response spectrum
for RP = 475 and 2475 years based on sufficient number of soil profiles using
sufficient number of hazard compatible acceleration time histories adopting a distri-
bution function to evaluate the statistical variation and to calculate the exceedance
levels as foreseen in the regional hazard study.
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Chapter 3 )
A Redefinition of Seismic Input for Design <o
and Assessment

G. Michele Calvi, Daniela Rodrigues, and Vitor Silva

Abstract For several decades, seismologists and engineers have struggled to per-
fect the shape of design spectra, analyzing recorded signals and speculating on
probabilities. In this process, several solutions have been proposed, including
considering more than one period to define a spectral shape, or proposing different
spectral shapes as a function of the return period of the design ground motion.

However, the basic assumption of adopting essentially three fundamental criteria,
i.e.: constant acceleration at low periods, constant displacement at long periods,
constant velocity in an intermediate period range, has never been thoroughly
questioned.

In this contribution, the grounds of a constant velocity assumption is discussed
and shown to be disputable and not physically based. Spectral shapes based on
different logics are shown to be consistent with the experimental evidence of several
hundred recorded ground motions and to lead to significant differences in terms of
displacement and acceleration demand.

The main parameters considered to define the seismic input are magnitude and
epicenter distance. The possible influence of other parameters — such as focal depth
and fault distance, duration and number of significant cycles, local amplification —
will the subject of future studies.

Novel forms of ground motion prediction equations and of hazard maps may
result from this approach.

Specific points of interest include the generation and adaptation of acceleration
and displacement time histories for design, the possibility of including the effects of
energy dissipation on the side of capacity rather than on that of demand, the
consistent generation of floor spectra for design and assessment of non-structural
elements.
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3.1 Origin of Response Spectra in Earthquake Engineering

The origin and development of response spectra in earthquake engineering is
masterfully described by A. Chopra (2007). Readers will learn that the concept of
elastic response spectrum — which summarizes the peak response of all possible
linear single-degree-of-freedom systems to a particular component of ground motion
— was first intuitively conceived in Japan by K. Suyehiro in 1926. He actually built a
Vibration Analyzer that could be exposed to an earthquake’s strong motion and
record the maximum amplitudes of deflection of a set of rods varying in their periods
in the range 0.2-2.0 s.

Significant advancement based on instrumental measurements followed until the
fifties, while in parallel theoretical development took place mainly at Caltech, with
contributions by Von Karman, Biot, Hudson, Popov and others (e.g.: Housner
(1941)).

What appears clearly when exploring those extraordinary advancements, is the
obtrusive dichotomy between physical and mathematical understanding and data
availability.

Not at all surprising is thus the extensive use of the only strong motion record
available at the time — recorded at El Centro during the Imperial Valley earthquake of
18 May 1940 — and its transformation into the paradigm of a strong earthquake
epicentral ground motion.

Chopra’s story ends with the seventies, when the concept of elastic response
spectrum had become fully established with fundamental contributions by Veletsos
and Newmark. However, in the eighties a widely used summary was contained in a
monograph published by EERI (Newmark and Hall 1982). In this booklet, the spectra

in./sec

VELOCITY,

FREQUENCY, Hz

Fig. 3.1 Response spectra from the NS El Centro record, as reported in (Newmark and Hall 1982)
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derived from the El Centro record were reported as shown in Fig. 3.1 and a design
spectrum was recommended as depicted in Fig. 3.2, based on a peak ground acceleration
equal to 0.5 g, which was assumed to correspond to one sigma cumulative probability.

According to the description provided, and referring to periods rather than
frequencies, a design spectrum should show a constant maximum displacement
demand at period approximately longer than 3 s, a constant maximum acceleration
demand at periods between about 0.15 and 0.5 s and a constant maximum velocity
demand between 0.5 and 3 s.

3.2 Modern Design Spectra

It is interesting to observe that the evolution of design spectra, based on progres-
sively available strong motion data, has implied all sorts of proposed variation of
period ranges and acceleration values, as a function of magnitude, epicenter or fault
distance, local soil amplification, orographic effects and forward or backward
directivity. However, the general shape of the spectrum, based on constant displace-
ment, constant velocity and constant acceleration, has never been questioned.
Newmark’s design spectrum of Fig. 3.2, is redrawn in Fig. 3.3, as a combined
acceleration — displacement spectrum. This spectrum is more commonly plotted as
an acceleration spectrum in codes of practice, while in displacement based
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Fig. 3.2 Elastic design spectrum as defined by Newmark and Hall (1982), for 0.5 g PGA, 5%
damping and one sigma cumulative probability
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Fig. 3.3 Newmark’s design spectrum of Fig. 3.2, shown as a combined acceleration — displace-
ment spectrum

approaches, a displacement spectrum is often characterized simply by its “corner
point” (D in Fig. 3.3), assuming a spectral shape made by two straight lines.
Considering the combined representation in Fig. 3.3, it is evident that the segments
A-B and E-F are of no practical interest and consequently a full description of a design
spectrum could be obtained from points C and D, provided that the assumption of
constant acceleration, constant velocity and constant displacement is accepted.

3.3 Considerations on Elastic Design Spectra

3.3.1 Ratio Between Maximum Spectral Acceleration
and PGA

Newmark and Hall (1982) proposed a factor equal to 2.71 as the multiplier of PGA to
estimate the maximum spectral acceleration (S, .x) for one sigma probability.

Similar values have been adopted by most codes of practice, with a basic
parameter ranging between 2.5 and 3.0, according to the local soil amplification.

Analysis of modern data indicates a large dispersion of the ratio between S, .« and
PGA (e.g.: Booth 2007). Considering, in addition, that the value of PGA is irrelevant for
any practical purpose (and possibly misleading, due to its low correlation with S, ., and
with other relevant response parameters), the obvious conclusion would be to simply
adopt point C in Fig. 3.3 as the main acceleration-related parameter.



3 A Redefinition of Seismic Input for Design and Assessment 73

This would imply defining functions correlating magnitude, fault distance and
local soil with period T and spectral acceleration S, at point C.

3.3.2 Maximum Spectral Displacement and Corner Period

Correlations between magnitude/distance and displacement spectra shapes have
been recommended within the framework of displacement—based design (Priestley
et al. 2007). In this context, the displacement spectrum is based on one point only,
i.e. point D in Fig. 3.3.

The displacement spectrum is thus represented by a straight line from the origin to
point D and remains constant afterwards. According to the recommendations given
Priestley et al. (2007, following the indications of Tolis and Faccioli (1999)), point D
could be defined according to the following equations:

Tp = 1.0+ 25(M, —5.7) (s) (3.1)
10(MW—3.2)
Ap=Cs = (mm) (3.2)

Where M,, is the moment Magnitude, r the fault rupture distance in km, Cy is a
local soil factor, equal to 0.7 for rock, 1.0 for firm ground, 1.4 for intermediate soil,
1.8 for very soft soil.

3.3.3 Combination of the Two Horizontal Components

Equations of the sort of (3.1) and (3.2) assumes that peak values of acceleration and
displacement are the same for the same distance and magnitude. However, the two
recorded horizontal components of a ground motion, clearly characterized by the
same magnitude, distance, soil, etc. usually show different values in terms of peak
spectral acceleration and displacement, in many cases even mixing the larger
demand in acceleration with the smaller displacement and vice versa.

Several solutions are possible, for example adopting the spectrum resulting from
the envelope of the two, or calculating for each abscissa an ordinate resulting from
the square root of the sum of the squares of the ordinates of the two spectra.

The preferable solution could possibly be to derive one single horizontal accel-
eration signal, combining the two components, instant by instant. This will imply to
produce spectra that do not correspond to any specific direction, being actually sort
of “rotating” spectra, without any specification of the actual direction for each
maximum value. The resulting spectrum will be similar to the envelope of the
spectral components, being normally dominated by the largest acceleration vector
instant by instant, and it seems quite consistent with the concept of spectrum.
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It has to be noted that this suggestion has nothing to do with the combination of
actions on buildings, resulting from their response in different directions. As
discussed by Stewart et al. (2011), the need of considering the different responses
in different directions of azimuth-dependent structures remains untouched.

3.3.4 Why Constant Velocity?

As previously mentioned, the shape of a design spectrum has been traditionally
defined adopting three criteria in different period ranges, i.e.: constant acceleration at
low periods, constant displacement at long periods, constant velocity in an interme-
diate range.

While the first two indications are based on physical considerations, the choice of
keeping a constant velocity in the intermediate range is only apparently sound,
though never questioned in the past.

As an example, assume to adopt a straight line between point C and D of Fig. 3.3,
as shown in Fig. 3.4. The resulting design spectrum shows possible differences of
100% in terms of displacement and acceleration demand in the wide intermediate
region that characterizes the vast majority of structures.

1.6 T T T T
No constant velocity region spectrum

14 Newmark design spectrum

0 20 40 60 80 100
Sd [cm]

Fig. 3.4 The Newmark design spectrum compared with a spectrum with no constant velocity
region, where S, varies linearly with S, in the intermediate periods region
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However, such major differences are less evident if the data are plotted adopting a
tri-logarithmic scale, as in Figs. 3.1 and 3.2 and as shown in Fig. 3.5. The variation of
about 30% in the peak velocity (from about 140 to about 200 cm/s) does not appear to
imply evident mismatching with the experimental data.

The constant velocity rule has never been questioned in so many years: this may
be an effect of the great respect felt for the researchers who developed the concept of
spectra.

3.3.5 El Centro Response Spectra

The ground motions recorded at El Centro on May 18 1940, used as a main reference
until the eighties, are plotted in Figs. 3.8 and 3.9, using the digital data provided by
Irvine, and assuming 5% damping. The median and one sigma design spectra have
been produced following the indications by Newmark and Hall (1982), adopting the
following peak ground values: PGA = 0.35 g, PGV = 26.4 cm/s, PGD = 18 cm and
the following multipliers: A = 2.12 V = 1.65 D = 1.39 (median design spectrum)
and A = 271 V = 230 D = 2.0l (one sigma spectrum). The corresponding
spectrum with a linear variation of S, vs. Sq4 in lieu of the constant velocity region
has also been derived.

403

——— No constant velocity region spectrum
MNewmark design spectrum

148

546

Sv [cm/s]
n
o

7.40 1

2.70 -
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0.05 0.14 0.37 1 2.72 7.39 20.1 54.6
f [Hz]

Fig. 3.5 The same spectra shown in Fig. 3.4, drawn on a tri-logarithmic paper
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Fig. 3.6 Response spectra of the components of the El Centro record (data derived from Irvine),
compared with the peak ground values and with the mean and one sigma design spectra suggested
by Newmark and Hall (1982). The yellow spectrum has been produced assuming a linear variation
of spectral acceleration versus spectral displacement in the intermediate period region (see Fig. 3.7)

In Fig. 3.6 all spectra are plotted on a tri-logarithmic plot paper, while in Fig. 3.7
the spectra are represented as displacement, velocity and acceleration vs. period and
in the combined S,—S,4 form.

While in Fig. 3.6 the logarithmic scale squeezes the curves into similar shapes, in
Fig. 3.7 it is evident how the adoption of a hyperbolic or linear descending branch
results in the assessment of completely different demands in terms of acceleration
and displacement.

The hyperbolic descending branch implied by a constant velocity assumption is
not evidently superior to the linear hypothesis in matching the recorded data; more
ground motions should be analyzed to assess the best approximation for a design
spectrum.

In Fig. 3.7, the spectra resulting from an accelerogram generated by the vectorial
combination, instant by instant, of the NS and ES acceleration components are also
reported. These spectra differ significantly from those obtained from the NS com-
ponent only at long periods of vibration, where the displacement demand is larger
and the EW component seems to be dominant.

The design spectrum suggested by Newmark and Hall (1982) seems to take into
consideration the displacement demand of the ES component, even if this was not
explicitly stated. This extended use of common sense and intelligence is the base of
the longevity of the spectral shape defined in the central decades of the previous
century.
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Fig. 3.7 The spectra in Fig. 3.6 re-plotted as displacement, velocity and acceleration versus period
and in the combined S,—S, representation. The spectra derived from the “rotating signal” are
added

3.4 Dealing with Non-linear Response

3.4.1 Early Approaches

As thoroughly described by R. Riddell (2008), the first attempts to determine the
maximum response of nonlinear systems by means of inelastic response spectrum,
date back to the fifties.

The basic idea to derive inelastic spectra from their elastic counterpart was based
on defining ranges of the spectrum where acceleration, velocity and displacement
were assumed to be “conserved” or modified by some correction factor. The key
figure reported by Newmark and Hall (1982) is reproduced in Fig. 3.8. Here, an
elastic-perfectly-plastic system is assumed, characterized by a ratio between dis-
placement capacity and yield displacement equal to the displacement ductility value
p. Under these assumptions, the rules applied to derive inelastic spectra were:

¢ Divide the ordinate of the elastic spectrum by p for frequencies up to about 2 Hz
(regions D and V in Fig. 3.8) to obtain the acceleration inelastic spectrum.
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Fig. 3.8 Derivation of acceleration and displacement inelastic spectra from an elastic spectrum
(Newmark and Hall 1982 and Riddel 2008)

¢ Do the same in the frequency range between 2 and 8 Hz (region A), dividing by
(2 p—1)°? instead of p.

* Keep the same acceleration in the elastic and inelastic spectrum for frequencies
higher than 33 Hz.

e Link linearly the ordinates at 8 and 33 Hz in the logarithmic plot.

* To obtain the inelastic displacement spectrum multiply all the ordinates of the
inelastic acceleration spectrum by .

This approach has been discussed, corrected, and modified in minor aspects for
decades, but essentially used in its basic structure in all force-based approaches (and
as such in all codes of practice) until today.

The procedure is different if a displacement-based approach is applied (Priestley
et al. 2007). In this case it is suggested to take into consideration a correction of the
spectral shape only due to the energy dissipated in the hysteretic cycles, and to use an
elastic equivalent system with a stiffness (and thus a period) secant to the intersection
between design displacement and corrected displacement spectrum.

As discussed by Priestley et al. (2007) and Priestley (2003), the required strength
resulting from a displacement-based approach can be higher or lower with respect to
that resulting from a traditional force-based approach. The result depends on the
characteristics of the structural system, but as well on the site seismicity, since a
displacement-based approach induces more dramatic variations in the required
strength.

Possible outcomes from the applications of these different approaches, and of
alternative capacity curves methods (Freeman 1975; Fajfar and Fishinger (1988) are
discussed in Calvi (2018) and Calvi et al. (2018), where it is shown that the results
can vary in the order of three times and seem to be a rather casual matter.
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3.4.2 Correction of the Elastic Design Spectrum to Account
for Energy Dissipation

Today it is indisputably accepted that demand and capacity should be kept as much
as possible on different sides of an inequality and that the non-linear response should
be captured as much as possible on the capacity side.

This can be accomplished using various forms of push-over analysis and applying
one of the many existing methods to compare demand and capacity. One option is to
apply a formulation of the capacity spectrum method, originally proposed by
Freeman (1975), a second one is to resort to the N2 method, originally proposed
by Fajfar and Fishinger (1988) and currently recommended by EC8. A further
possibility is to consider a linear equivalent approaches as discussed by Priestley
et al. (2007), but originally proposed by Shibata and Sozen (1976). A detailed
discussion of this subject falls outside the scope of this paper, the interested reader
is addressed to the critical summaries provided by Pinho et al. (2013) and by Silva
et al. (2014).

Considering instead the side of the demand, it is still preferred to correct the
elastic spectra to account for energy dissipation rather than modifying the capacity
curve. This can be accomplished (Priestley et al. (2007)) by applying to the dis-
placement spectrum ordinates a displacement reduction factor n as a function of an
equivalent hysteretic damping &, estimated by some energy equivalence (Jacobsen
(1960)). While several formulations are available, consider as an example the
equations recommended by Priestley et al. (2007):

0.07 \%°
e = (o.oz + 5) (33)
-1
E=¢&)+ &, :§o+c(ﬂ2ﬂﬂ> (3.4)

Where € is the total equivalent damping of the system, & is the inherent damping
(usually taken as 0.05), C is a function of the shape of the hysteresis loop (generally
in the range of 0.3-0.6) and p is the ductility of the system.

An open problem is an appropriate tuning of n, expressed as a function of
magnitude, source-to-site distance, site conditions, faulting style, etc. (e.g., Priestley
et al. (2007) recommended to reduce the exponent from 0.5 to 0.25 in case of near
field ground motion). Other parameters have actually been recommended, for
example, based on analyses of specific Turkish ground motions, Akkar (2015)
recommends to reduce n with period elongation, however, a different shape of the
“constant velocity” branch will have an effect on demand likely more significant
than a correction based on period of vibration.

A reformulation of design spectra will pave the way for consequent re-visitations
of non-linear floor spectra, which are the most viable tool to design non-structural
elements and are today treated by most codes of practice in an improper way, as
thoroughly discussed by Calvi (2014) and Calvi and Sullivan (2014).
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3.5 Definition of Corner Periods Based on Recorded Data

3.5.1 Extension of the Study and Available Data

A proposal for an alternative definition of design spectra will be based on conceptual
speculation and on a large database of recorded ground motions, geographically
limited to the Italian territory. The database includes 360 couples of records, derived
from 24 events, recorded between 1972 and 2017. The location of the epicenters and
of the recording stations are shown in Fig. 3.9, while in Table 3.1 the date, the
number of records (each of them being actually made by two separated records in
orthogonal directions) and the minimum and maximum distance between epicenter
and recording stations are indicated for each event.

The selection of events and records has been simply based on the quality of the
signals, considering all available cases, however, the complete set is evidently rather
compact in time, geographical area, and source mechanism. Most of the records
actually pertains to sequences recorded in the Apennines in 1997, 2009, 2012
and 2016.
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Fig. 3.9 Location of the epicenters of all events and records considered, reported on the Italian
hazard map showing the 10% probability PGA values in 50 years (Stucchi et al. 2011)
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For the purpose of this study, the available records have been divided into 20 bins
characterized by appropriate ranges of magnitude and distance, as shown in

Table 3.2.

3.5.2 Derivation of Single “Rotating” Signals

As previously discussed, the derivation of a single design spectra for a given distance
and magnitude implies that one signal should be used for each record, not two
orthogonal components. Consistently, each couple of acceleration records has been
combined, deriving a single acceleration vector at each instant, simply characterized
by its module. The resulting single signal has been used for all further elaborations.
Examples of component and combined records are reported in Fig. 3.10.

Table 3.1 Records used in this study: date, number of different couples of record, maximum and
minimum distance between epicenter and recording stations

Year Magnitude No. of records Min distance (km) Max distance (km)
1972 4.8 2 7.69 11.44
1976 4.5-64 29 1.91 85.41
1977 53 4 6.15 1143
1978 5.2-6.1 5 9.15 46.64
1979 5.9 3 4.59 43.51
1980 4.6-5.0 4 5.83 16.65
1981 4.9-52 9 9.45 21.38
1982 4.6 1 8.07 8.07
1984 4.7-5.9 18 5.34 68.11
1990 5.6-5.8 26.65 65.26
1996 54 13.25 16.45
1997 4.5-6.0 52 0.96 79.50
1998 4.8-5.6 17 5.14 66.04
2000 4.5-4.8 3 1.71 7.56
2001 4.7-4.8 2 2.54 18.62
2002 5.7 1 41.06 41.06
2003 4.8 1 17.06 17.06
2004 5.3 1 14.37 14.37
2008 4.9 1 9.13 9.13
2009 4.6-6.3 38 0.73 49.17
2012 4.7-5.9 42 1.72 67.35
2013 4.9-52 8 4.37 81.30
2016 4.5-6.5 929 2.58 94.27
2017 4.6-5.5 13 5.24 28.85
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Table 3.2 Magnitude and distance bins and number of records available for each one of them

Number of

available

records r<10km |10<r<20km [20<r<30km |[30<r<50km |50km<r
6.0<M<6.5 8 3 5 17 14
55<M<6.0 15 38 27 24 11
50<M<55 34 46 11 7 4
45<M<50 54 42 0 0 0
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Fig. 3.10 Example of acceleration and displacement versus time, for the EW, NS and rotating
signal. Corresponding S, versus Sy spectra. The case considered for this example has a magnitude
M = 5.4; the distance between recording station and epicenter is 11.69 km

3.5.3 Anchoring Points

As previously discussed, design spectra corresponding to a given ground motion
could be anchored to two points, identified as the longest period (T¢) at which the
spectral acceleration will be at the peak amplification (S,c) and the shortest period
(Tp) at which the spectral displacement will reach its maximum value (Sy4p).

For each available record, the values of T and Tp and of the corresponding
spectral acceleration (S,c) and displacement (Syp) have been calculated, as shown in
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Fig. 3.11 Definition of the two corner period values. The horizontal lines on the acceleration and
displacement spectra are taken at 90% of the respective maximum values. The points adopted are at
the first (displacement) and last (acceleration) intersection between spectra and horizontal lines

Fig. 3.11. T¢ and S, have been defined at the intersection between the acceleration
response spectrum and a horizontal line marking 90% of the maximum spectral
acceleration, considering the last intersection to the right of the plot. Tp and Syp have
been defined at the intersection between the displacement response spectrum and a
horizontal line marking 90% of the maximum spectral displacement, considering the
first intersection to the left of the plot. In all cases, a critical damping of 5% has been
adopted.

For each one of the bins defined in Table 3.2, the mean and the +1c values of each
parameter have been calculated. In Fig. 3.12 for each bin the mean and the +1c
values of S,c and Syp are shown and compared with all available data. In Fig. 3.13
similar plots related to T, and Tp, are shown, but in these cases reference is made to
the mean values only. In fact, while it is felt appropriate to embed in the procedure
some protection with respect to the values adopted for spectral acceleration and
displacement, it is believed that the period values should be kept at their best fit. The
reason for this choice will become clearer in the following discussion.

3.6 Definition of Interpolating Equations for the Corner
Values

3.6.1 Construction of 3D Response Surfaces

Based on the empirical data introduced in the previous section, a number of
interpolating equations have been developed, to estimate the longest period (T¢) at
which the spectral acceleration will be at the peak amplification (S,c) and the
shortest period (Tp) at which the spectral displacement will reach its maximum
value (S4p).
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Fig. 3.12 Mean (orange) and +1c (red) values of Syp (left) and S, (right) for each magnitude-
distance bin, compared with all available data
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Fig. 3.13 Mean values of T (left) and Tp, (right) for each magnitude-distance bin, compared with
all available data

The response surface parametric equations employed to estimate periods and
values have been optimized as a function of all available recorded data, being based
on the combination of curves defined for specific values of magnitude and distance,
as described in the following sections.

3.6.2 Definition of the Interpolation Function of T¢

It is assumed that T. can be interpolated by a plane surface resulting by the
combination of two lines. The first line is assumed at the maximum considered
distance (r = 70 km) and it is thus function of the magnitude only:

T¢(r=0) = krco — krc1(6.5 — M) (s) (3:5)
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Two parameters are here used: kycy is the value of Tc at M = 6.5 and r = 70 and
ktc is the rate of change of T¢ with M.
The second line expresses Tc at M = 6.5, as a function of the distance only:

T civ=6.5) = krco — krc2(70 — 1) (s) (3.6)

Where krcp has been already defined and krc; is the rate of change of T with r.
The resulting interpolating plane is then expressed as:

(krco — krc1(6.5 — M) (krco — krc2(70 — 7))
kTCo

Te= (s) (3.7)

3.6.3 Definition of the Interpolation Function of Tp

Similarly, Tp is first expressed at long distance (r = 70 km) as a function of the
magnitude only:

TD(r:O) = kTDo - kTDl (65 - M) (S) (38)

Where ktpg is value of Tp at M = 6.5 and r = 70 and krp, is the rate of change of Tp
with M.
Tp is then expressed at M = 6.5 as a function of the distance only:

Tpm=65) = ktpo — krp2 (70 — 1) (s) (3.9)

Where krpg has already been defined and krp; is the rate of change of Tp with r.
The final combined equation is thus:
(krpo — k1p1(6.5 — M) (k1po — k1p2(70 — 1))

Tp = o~ (s) (3.10)

3.6.4 Definition of a General Equation for the Interpolation
of Suc and S p

While the functions to interpolate the period data have been derived from a combi-
nation of linear functions, the attenuation of acceleration and displacement with
magnitude and distance are evidently more complex. To allow a proper consider-
ation of the effects of distance and magnitude, the general form of equation consid-
ered is an over damped sinusoidal equation, expressed in terms of four parameters
(ko to k3), as shown below:
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S = ko + kie P00 cos ks (F(x)) (3.11)

3.6.5 Definition of the Interpolation Function of S,c

Sac is first expressed at r = 0, as a function of the magnitude only:

Sac(r=0) = kao + kare *237M) cog (6.5 — M) (3.12)

TtkaM3
The four parameters appearing in the equations are defined as follows:

k.o = a minimum threshold value of S,c, at minimum magnitude, at the epicenter
=0

k,; = a value that summed to k,y will give the value of S,. atr = 0 and M = 6.5,
i.e. the maximum spectral acceleration

kamz = a factor that increases or reduces damping

kavmz = the magnitude value at which it is assumed that S, is minimum (i.e. equal to
kyo) forr=20

Sac is then defined at M = 6.5, as a function of the distance only:

ar2”

COS

Sac=65) = kao + kare™ r (3.13)

Tkar3
In this equation, the parameters k.o and k,; have a different meaning, but will
maintain the same numerical values. Their sum must remain the same for physical
reasons, k,o will be forced to the same value selecting an appropriate distance from
the epicenter:

k.o = a minimum threshold value of S,c, at maximum magnitude (M = 6.5), at a
maximum distance (possibly r = 70 km, to be defined)

k.1 = a value that summed to k,y will give the value of Sac atr =0 and M = 6.5,
i.e. the maximum spectral acceleration

While two additional parameters are used:

ka» = a factor that makes the damping stronger or weaker
ka3 = the distance at which it is assumed that SaC is minimum (i.e. equal to k) for
M=6.5

The resulting combined equation for the S,c surface is:
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S,c = SaC(M)(r:O)SaC(”)(M:as) o SaC(M)(r:O)SaC(V)(M:ﬁs) (3.14)
aC — - .
Sac(M=6.5,r=0) kao + ka1

3.6.6 Definition of the Interpolation Function of S,p

The procedure is analogous to the previous one. Syp is first defined atr = 0 as a
function of the magnitude only:

2

7kam3

Sap(r—0) = kao + kare ¥ (037 cos (6.5-M) (3.15)

With the following parameters:

kgo = a minimum threshold value of Syp, at minimum magnitude, at the epicenter
=0

k41 = a value that summed to kyo will give the value of SdD atr =0 and M = 6.5,
i.e. the maximum spectral displacement

Kavz =
a factor that increases or reduces damping

kamsz = the magnitude value at which it is assumed that Syp is minimum (i.e. equal to
kgo) forr =0

Sqp is then expressed at M = 6.5 as a function of the distance only:

2

Tikdr3

Sapu=s5) = kao + kare *" cos r (3.16)
As above, k4o and kg; are forced to maintain the same numerical values with a
different meaning:

kgo = a minimum threshold value of SdD, at maximum magnitude (M = 6.5), at a
maximum distance (possibly r = 70 km, to be defined)

kq; = a value that summed to kyo will give an approximate value for Syp atr = 0 and
M = 6.5, i.e. the maximum spectral displacement

While kg, is a factor that increases or reduces damping and kg5 is the distance at
which it is assumed that S4p is minimum (i.e. equal to kyo) for M = 6.5.
The resulting global equation is:

S Sap (M) ,—0)Sap(r) w5y San(M),—o)San(r) s—e.s)
i = =

3.17
Sap(M=6.5,r—0) kao + ka1 (3.17)
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Table 3.3 k values resulting from an optimization procedure described in the text (column 2 and 3)
and k values used in the recommended equations

Parameter Mean +lo Used
krco (value of Tc at M = 6.5 and r = 70) [s] 0.46 0.61 0.46
krc (rate of change of Tc with M) 0.042 0.053 0.042
krc, (rate of change of T with r) 0.0028 | 0.0034 | 0.003
ktpo (value of Tp at M = 6.5 and r = 70) [s] 2.27 2.69 2.27
krp; (rate of change of Tp with M) 0.13 0.11 0.13
ktp, (rate of change of Tp with r) 0.0053 | 0.0043 | 0.004
kao (value of S,c, at minimum magnitude and zero distance) [g] 0.2 0.27 0.27
ka; (value to be summed to k, to obtain S,c atr=0and M =6.5) | .15 1.35 1.35
[g]

kam2 (magnitude-acceleration damping correction factor) 0.5 0.48 0.48
kam3 (magnitude at which S,¢ is assumed minimum (i.e. = k,o) for | 4.5 4.5 4.5
r=20)

Karo (distance-acceleration damping correction factor) 0.11 0.09 0.09
ka3 (distance at which S,c is assumed = k,o, for M = 6.5) [km] 70 70 70

kqo (value of Syp, at minimum magnitude and zero distance) [cm] | 4 59 5.9
kg (value to be summed to kg to obtain Syp atr =0 and M = 6.5) |25 29.5 29.5
[cm]

kgmz (magnitude-displacement damping correction factor) 1.39 1.55 1.55
kams (magnitude at which Syp is assumed minimum (i.e. =kqyo) for | 4.5 4.5 4.5
r=0)

kqr» (distance-displacement damping factor) 0.1 0.1 0.1
kg3 (distance at which Syp is assumed = ko) for M = 6.5) [km] | 70 70 70

3.6.7 Calculation of Best Fit Parameters

Due to the large number of parameters that had to be estimated, a nonlinear optimization
procedure was employed. In this process, the algorithm proposes a combination of
parameters that minimizes the residuals (expressed as a percentage) between the actual
empirical data (see Figs. 3.12 and 3.13), and the associated 3D surfaces. This procedure
produced the k values summarized in the second and third columns of Table 3.3; the
final values used in the following analyses are reported on the fourth column.

The surfaces resulting from the adoption of the k values reported in the fourth
column of Table 3.3 are depicted in Figs. 3.14 and 3.15, and compared with +1c data
(for spectral acceleration and displacement) and with mean data (for periods).

Comparing the values recommended with the ones resulting from the optimiza-
tion procedure in Table 3.3, it is immediate to observe that the recommended values
are approximating the mean values for the definition of periods of vibration, while
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Fig. 3.14 Comparison of best fit interpolating surface and +1c values of Syp (left) and S,c (right)
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Fig. 3.15 Comparison of best fit interpolating surface and mean values of T (left) and Tp, (right)

they are approximating the +1sigma values in the case of spectral acceleration and
displacement. This decision had been anticipated and is due to the wish of amplify-
ing the combined S,—S4 spectrum to a + lo probability of attainment, but to
maintain a homothetic spectral shape. An example is illustrated in Fig. 3.16, with
reference to the case of M = 6.5 and r = 0.

Note, as well, that the results are suggesting that T, depends mainly on magni-
tude, not on the distance from the source (i.e., kyp, could be set equal to zero).

Finally, it seems interesting to observe that the multiplier coefficients to pass from
mean to +1c spectral acceleration and displacement are here estimated around 1.26
for both S, and S4. This value imply that the dispersion of peak spectral acceleration
and peak spectral displacement are similar, somehow unexpectedly. Actually, the
corresponding values according to Newmark and Hall (1982) were 1.28 and 1.45,
indicating a greater dispersion in displacement values.
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Fig. 3.16 Mean and +10 spectra resulting from the recommended k values for M = 6.5 and r = 0.
The two corner periods are kept equal to the mean values to conserve the shape of the spectrum

3.7 Spectral Shape in the Intermediate Period Region

3.7.1 Definition of an Interpolating Function

In the intermediate region between the corner points, an equation based on a single
parameter o has been derived to shape the connecting curve, again as a function of
magnitude and distance. The equation similar to the function that allows modifying
the shape of a force-displacement curve of a viscous damper, which is based on the
combination of two sinusoidal functions, as follows:

y = sin% (3.18)
z = cos’t (3.19)
y= sin“(cos”(Zl/“)) (3.20)

Varying a, this equation can take any form between points (0; 1) and (1; 0), as
shown in Fig. 3.17.

Applying a coordinate transformation, from point (0; 1) to point (Syc; Sac) and
from point (1; 0) to point (Sqp; Sap), the following equation is derived:
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Sa— Sac \*
Sy = Sap + (Sac — Sap) - sin®| cos ™! (M) (3.21)
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Where two derived parameters are used:

2

SdC = SQCTTECZ (322&)
4 2

Sap = SdDTLz (3.22b)
D

3.7.2 Calculation of the a Parameter

The optimal value of a has been again calculated assuming a surface shape in the
space defined by magnitude and distance, and estimating the best interpolating
values of the parameters to fit the recorded data. The following general equation of
a plane to define o has been assumed:

@ = koo — ket (M — 4.5) — keor (3.23)

Where k is the value of a at M = 4.5 and r = 0, k,; is the rate of change of o with
M and k,, is rate of change of o with r.
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Table 3.4 Best fit a value obtained for each magnitude and distance bin

Best o value r<10km |[10<r<20km [20<r<30km |[30<r<50km |50km<r
6.0<M<65 |25 24 2.3 2.1 1.8
55<M<60 (3.2 2.7 2.2 2.0 -
50<M<55 (34 3.1 2.5 - -
45<M<50 (35 3.2 - - -
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Fig. 3.18 The best fitting surface of a, as resulting from Eq. 3.16, compared with the bin values
reported in Table 3.4.

A best fit analysis of the data has been performed calculating the value of a that
minimizes the area between the curved line connecting points C and D and the actual
response spectrum line, for each one of the bins previously defined. The best fit a
values obtained for each bin are reported in Table 3.4.

Based on these values, the optimal k, parameters inserted in the following
equation have been obtained:

a=3.6—04(M—45)—0.015r (3.24)

The single bin values reported in Table 3.4 and the surface produced by Eq. (3.24)
are depicted and compared in Fig. 3.18.

It is interesting to note that the adopted o values are varying between 3.6 and 1.8.
As a consequence, the acceleration and displacement design values corresponding to
a given period of vibration may be considerably larger than the values resulting from
the classical assumption of a linear variation of the displacement as a function of
period (i.e., a variation of the spectral acceleration with 1/T, or a variation of the ratio
S4/Sq with 1/T?)).
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Fig. 3.19 Range of variation of the spectral shape derived in this work (red) compared with the
corresponding spectral shapes obtained assuming a linear variation of the displacement with period

This effect is evident in Fig. 3.19, where the range of variation of the spectral
shapes derived in this work are compared with spectra resulting from the assumption
mentioned above, assuming the same maximum spectral acceleration and
corresponding maximum period of vibration.

Even in the extreme case of the epicenter location (r < 10 km) of a small
magnitude earthquake (M = 4.5) the predicted demands are different, but the
variation becomes particularly pronounced for large magnitude events at a signifi-
cant distance.

Note that the period region in which the differences are more relevant is in the
range of 0.8—1.5 s, i.e. arange related to a large fraction of mid to high-rise buildings.

3.8 Resulting Spectra

The final design spectra resulting for each one of the bins are depicted in Figs. 3.20,
3.21,3.22 and 3.23. In each plot, the mean and + 10 spectra resulting from the ground
motions pertaining to the bin are also reported, as well as all spectra resulting from
any record with lower magnitude and larger distance than those characterizing the
bin limits. In general, the data resulting from the lower distance and the higher
magnitude characterizing each bin have been adopted, with the exception of the case
with distance between 0 and 10 km, in which case the data related to a distance equal
to 5 km have been used, assuming some sort of saturation at lower distances.
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Fig. 3.20 Design spectra (red line) for 4.5 <M < 5.0, at distances r < 10 km and 10 km <r <20 km,
compared with the mean (blue) and +16 (black) spectra resulting from the corresponding records.
All spectra from any record with lower magnitude and larger distance are also depicted (grey)
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Fig. 3.21 Design spectra (red line) for 5.0 <M < 5.5, at distances r < 10 km, 10 km <r <20 km and
20 km < r < 30 km, compared with the mean (blue) and +1c (black) spectra resulting from the
corresponding records. All spectra from any record with lower magnitude and larger distance are
also depicted (grey)
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Fig. 3.22 Design spectra (red line) for 5.5 < M < 6.0, at distances r < 10 km, 10 km <r <20 km,
20 km < 30 km and 30 km < r < 50 km, compared with the mean (blue) and +1c (black) spectra
resulting from the corresponding records. All spectra from any record with lower magnitude and
larger distance are also depicted (grey)

Observing the design spectra obtained for each bin of distance and magnitude, it
may be noted that there is in general a good correlation with the recorded data,
considering that a single set of equations with a relatively low number of parameters
has been consistently applied in all cases.

All design spectra in each point of the curves are producing acceleration and
displacement demand larger than the corresponding mean values, and only in few
cases the +1o spectral curves are exceeding the values resulting from the design
equations. The desired correspondence between design and corresponding +1c
spectra seems thus to have been achieved at a satisfactory level, particularly observ-
ing that:

* The performance of the method appears to be slightly worse for cases of very low
magnitude or very long distance. This is considered acceptable.

e The performance also seems worse when bins comprise a smaller number of
records. Additional data may improve the approximation.

e Assuming an acceleration amplification factor equal to 2.5, the peak values of
spectral acceleration at a distance of 5 km from the epicenter corresponds to
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Fig. 3.23 Design spectra (red line) for 6.0 <M < 6.5, at distances r < 10 km, 10 km < r < 20 km,
20 km < 30 km, 30 km < r < 50 km and 50 km < 70 km compared with the mean (blue) and +1c
(black) spectra resulting from the corresponding bin records. All spectra from any record with lower
magnitude and larger distance are also depicted (grey)

PGAs varying between 0.2 and 0.45 g for magnitudes varying between 4.5 and
6.5. These values seem quite reasonable and in line with the current state of the
art. Clearly, the spectral acceleration plateau levels do not capture the single
maximum recorded peaks (Suzuki and Iervolino (2017)), as expected for design
spectra and shown by some extreme single spectra depicted in the figures.
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e The predicted maximum spectral displacements are quite in line with those
predicted by Eq. 3.2 for firm soil at large magnitudes and small distances,
i.e. when the equation is applicable.

3.9 Conclusions

Design spectra should be instrumental to design, and as such not necessarily derived
as a weighted combination or an average of response spectra.

The work presented in this paper focuses on the derivation of design spectra
assuming that magnitude of the event and distance from the source are sufficient
parameters to produce a combined spectral acceleration versus spectral displacement
spectrum.

It is suggested that peak ground acceleration should be abandoned as a key
parameter of demand and hazard. Spectral shape and its anchoring should be
based on the definition of two points (C and D in this paper), i.e. maximum spectral
acceleration and displacement with the corresponding periods of vibration.

The spectra shape in the intermediate region, roughly ranging from 0.5 to 3 s, has
been investigated, abandoning the concept of constant velocity, which has no
theoretical nor experimental base. An equation to define the shape of the intermedi-
ate region as a function of a single parameter (o, Eq. (3.5)) is proposed. Such a
spectral shape will be equally applicable to force-based and displacement-based
methods, as well as to design and assessment procedures.

It is suggested to derive one single horizontal acceleration signal from recorded
ground motions, combining the two components instant by instant. The resulting
signal, and consequently the corresponding generated spectrum, will be “rotating”,
indicating in each instant the magnitude of the demand vector. This approach seems
quite consistent with the spectrum concept and will allow defining single values for
point C and D for each ground motion.

The definition of such single spectrum has nothing to do with the combination of
actions on buildings, resulting from their response in different directions (Stewart
et al. (2011).

Considering 360 records originated by 24 different events in a relatively small
window of time and location (i.e. all the available signal with an adequate quality
recorded in Italy between 1972 and 2017) it has been possible to show that a limited
number of equations and empirically derived parameters can produce reasonably
accurate spectral shapes.

These results seem very promising and may result in more reliable design input
representations.

The objective of producing spectra with a rather uniform probability of exceed-
ance seems to have been reasonably attained, with reference to specific ground
motions.
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In any case, the procedure discussed in this paper is not conditioned by the
desired protection level and allows in principle to increase or reduce the spectral
values in a consistent way.

In addition, all parameters used to define the equations to derive the spectra have
an intuitive and physical meaning, bringing a refreshing clarity to the process of
estimating ground shaking based on magnitude and distance.

Though very promising, the proposal described in this work requires significant
further research on a number of subjects to introduce these ideas and procedures into
practice, as summarized below.

(a) The actual dependency of acceleration and displacement demand and spectral
shape on magnitude and distance only should be investigated considering a
much more extensive database (e.g.: Akkar et al. (2014).

* In the case of a large earthquakes the distance to be considered is from
epicenter, fault or focus (Bommer and Akkar (2012); Monelli et al. (2014);
Silva (2016))? The focal depth has some influence on the results?

* The source mechanism and type of fault have an effect on the results or will
these be included in the produced magnitude (Chiou and Youngs (2008))?

(b) Itis unquestionable that local soil effect will have an impact on the spectra shape
and a lot of past studies have been focusing on this aspect (e.g.: Borcherdt
(1994); Pitilakis et al. (2012)). All the findings from the past and possibly some
novel experimental and numerical evidence should be considered and re-visited
to provide the appropriate correction factors to the spectra here derived.

(c) Magnitude and distance have certainly an effect on ground motion duration and
number of relevant cycles (e.g.: Novikova and Trifunac (1994)). This matter has
to be included in the prediction equations, possibly together with effects of
forward directivity.

(d) Within the framework of design based on spectral demand and structure capac-
ity, the effects of energy dissipation have been traditionally included in the
demand side, correcting the spectra. If this should be the case, it will be
necessary to consider the possible effects of different periods of vibration
(Akkar 2015). However, it seems in principle more rational to define alternative
rules to switch the consideration of dissipation on the side of capacity, consis-
tently with its nature related to structure response, not to ground motion demand.

(e) The equations derived can be regarded as a different form of ground motion
prediction equations. This may allow the derivation of innovative seismic hazard
maps (e.g.: Stucchi et al. (2011)), passing directly from a probability assessment
of potential events to the combination of spectra associated to each event at
different locations to produce probability based design spectra.

(f) The representation of design spectra in the combined S, — S4 form calls for the
derivation or selection of consistent ground motion time histories (Bradley
(2010); Mukherjee and Gupta (2002)). Any correction to better fit a specific
spectral region may be defined by an interval in both key parameters.
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(g) The implications of the input definition presented in this paper are certainly
significant and may foster a radical change in design philosophy, though still
within a general displacement-based approach. Considering the progressive
orientation of design towards damage limitations, it appears particularly intrigu-
ing to explore the possibility of a direct derivation of combined floor spectra
(Calvi 2014, Calvi and Sullivan 2014).

Considering the results discussed in this paper and the potential extensions
mentioned above, it is expected that the new input definition will result in noticeable
implications on design and assessment. Within the framework of displacement base
design, the preliminary definition of a design displacement compatible with a desired
damage level, possibly referred to specific classes of non-structural elements, may
consent the immediate estimate of the corresponding energy dissipation and required
strength.

Within the framework of displacement based assessment, the analysis of damage
conditions resulting from known spectral demands may enlighten the actual corre-
lations between demand, equivalent stiffness and damping and corresponding dam-
age level. This may specifically apply to back analysis of recent events used in this
study, such as the earthquake sequence of Central Italy in 2016 (Luzi et al. (2017)),
or to successive events, such as the earthquake in Ischia, Italy, of August 2017.

Finally, the possible application of the concepts derived in this work for natural
events to cases of induced seismicity could be of extreme interest: different corre-
lations between magnitude and distance and displacement and acceleration demand
may characterize short duration induced events with relatively low magnitude and
very superficial focus.
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Chapter 4 )
From Force- to Displacement-Based Seismic
Design of Concrete Structures and Beyond

Michael N. Fardis

Abstract Earthquakes impart to structures energy and produce displacements, both
of which depend on the structure’s pre-yielding natural period but not on its strength.
The resulting seismic force is normally equal to the structure’s lateral resistance.
Nevertheless, seismic design is still carried out for empirically specified lateral
forces, proportional to the ground motion intensity. Displacement-based seismic
design (DBD) requires realistic estimation of seismic deformation demands and of
the corresponding deformation capacities. A comprehensive and seamless portfolio
of models for the secant-to-yield-point stiffness (which is essential for the calcula-
tion of displacements and deformations by linear or nonlinear analysis) and the
ultimate deformation under cyclic loading has been developed, covering all types of
concrete members, with continuous or lap-spliced bars, ribbed or smooth. The effect
of wrapping the member in Fiber Reinforced Polymers is also considered. DBD is
now making an entry into European standards, sidelining the earlier, more promising
idea of energy-based seismic design, although energy lends itself better than dis-
placements as a basis for seismic design: (a) being a scalar, it relates best to the 3D
seismic response and damage; (b) it has a solid basis: energy balance; (c) its
evolution during the computed response flags numerical problems. The initial
enthusiasm for seismic energy 25 years ago led to a boom in activity on energy
demand, but ran out of steam without touching on the more challenging issue of
energy capacity of components. This is a fertile field for seismic engineering
research.
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4.1 Introduction

Structural design boils down to the verification of the Safety Inequality:
Demand < Capacity (4.1)

If both sides of Eq. (4.1) are internal forces or moments, the design is force-based
(FBD); if they are displacements or deformations (deflections, rotations, curvatures,
strains), the design is displacement-based (DBD); if both sides are energies, it is
energy-based (EBD). The Vision 2000 report on future seismic design codes
(SEAOC 1995) identified DBD and EBD as the promising approaches to be devel-
oped within a conceptual framework for performance-based seismic design.

To the present day seismic design is force-based: like wind, earthquakes are
considered to impose lateral forces. An elastic analysis of the structure gives the
seismic internal force/moment demands in order to verify or adjust the capacities
(i.e., resistances in terms of internal forces/moments) against them. This time-
honored practice survives thanks to the solid foundation provided by equilibrium,
and to its convenience: internal forces/moments due to gravity, which is a force-
based loading, are combined with those from a linear analysis for the earthquake.

Contrary to the presumption that an earthquake exerts specified forces on a
structure, in reality it imparts to it (through the foundation) seismic energy. From
another viewpoint, it produces displacements relative to the ground. The forces are a
by-product of the displacements, not the other way around. The magnitude of the
internal forces is controlled by the members’ resistance at a number of locations
sufficient to turn the structure into a mechanism, swaying back and forth up to the
peak lateral displacement produced by the earthquake. Fortunately, this displace-
ment may be estimated through an empirical observation: the “equal displacement”
approximation (often called “rule”) holds that the peak seismic displacement is about
equal to that of the elastic structure, for any value of the ratio, R, between the
resultant of the lateral forces produced by the earthquake on the elastic structure to
the global lateral force resistance equilibrated by member resistances. If the global
lateral force-displacement relationship is elastic-perfectly plastic, the ratio, u, of the
peak seismic displacement to the displacement at the instant the structure turns from
elastic to a plastic mechanism (i.e., the ductility factor) is equal to the force reduction
factor R (in Europe “behavior factor”, ¢g). In systems with fundamental natural period
T less than the “control” or “predominant” period of the earthquake, T, a value of u
larger than R is required (Vidic et al. 1994).

In FBD member deformations are indirectly addressed at the end of the design
process via the ductility factor y: members which are part of the plastic mechanism
and have their resistance checked via Eq. (4.1) against the internal moment/force
demands from the elastic seismic analysis divided by R, should have deformation
capacity not less than u times the deformation at yielding. By contrast, in DBD,
proposed first in (Moehle 1992), then by (Priestley 1993), Eq. (4.1) should be
directly checked in terms of seismic deformation demands and capacities.
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DBD saw independent versions being conceived and developing into two fiercely
competing schools of thought and practice. As a matter of fact, design of members to
match seismic displacement or deformation demands with their own capacities is not
central to either of these versions of DBD. One version converts top displacement
demands to internal forces and moments for which members are designed (as in
FBD); in the other version, members provisionally designed for other types of
loadings (gravity, wind, etc.) have their design updated to match their capacities to
the seismic deformation demands. The rationality of the new paradigm notwith-
standing, DBD has not made a serious dent yet in seismic design codes or practice: it
is used only for seismic assessment and retrofitting of older structures (CEN 2005;
ASCE 2007). The new generation of Eurocodes (CEN/TC250 2013) tentatively
considers DBD as an alternative to FBD for new designs.

The author’s research team identified early on the chord rotation at the member
ends as the appropriate deformation measure for DBD, and has proposed DBD
methodologies (Fardis and Panagiotakos 1997; Panagiotakos and Fardis 1998,
1999a; 2001a; Bardakis and Fardis 2011a) in which the reinforcement and the
detailing of members already designed for non-seismic actions are tailored to the
inelastic chord rotation demands estimated through linear elastic analysis — equiv-
alent static or of the modal response spectrum type. To support these proposals,
inelastic chord rotation demands from nonlinear response-history analyses were
compared to their counterparts from linear elastic analysis, and rules were proposed
for the estimation of the former from the latter depending on the location in the
building (Economou et al. 1993; Panagiotakos and Fardis 1999b; Kosmopoulos and
Fardis 2007). On average, estimates from the two analysis approaches were found to
be equal, at least in concrete structures, which normally have fundamental period
longer than the dominant period of the motion. This finding was the basis of the
Eurocode 8 rules (CEN 2005), which allow such a simple estimation under certain
conditions, without the multiplicative factors of the US coefficient approach (ASCE
2007). The most important contribution of the author’s team to DBD, though,
concerns the capacity side: a large and diverse database of cyclic tests on all types
of concrete members was gradually assembled and provided the ground for models
for the chord rotation at yielding (which, in addition to serving as a limit deformation
for serviceability, gives the effective stiffness of the member, see Eq. (4.2)) and at
ultimate conditions (Panagiotakos and Fardis 2001b). The second version of these
models, based on an enriched database and covering members with lap-spliced bars
or wrapped in Fiber Reinforced Polymer (FRP) over their end regions, and members
having smooth bars as longitudinal reinforcement, were adopted in the first gener-
ation of Eurocode 8 as a European Standard (EN) (Biskinis and Fardis 2007, 2010a,
2010b, 2013b). The third version, highlighted in Sect. 4.2 below, builds on over
4000 member tests. It is a comprehensive and seamless portfolio that covers the full
spectrum of concrete members encountered in new designs or in the old substandard
building stock, as well as in seismic retrofitting applications (Grammatikou et al.
2015, 2016, 2018a, b, c). The core of the third version has tentatively been adopted
in the draft-new-Eurocode 8, part of the upcoming second generation of Eurocodes
(CEN/TC250 2013).



104 M. N. Fardis

4.2 Member Properties for Displacement-Based Design

4.2.1 Which Properties Do We Need to Know?

DBD needs simple means to estimate the member deformation capacities and
seismic deformation demands, which appear in Eq. (4.1). Deformation measures to
be used in Eq. (4.1) should be easy to extract from analysis results, as well as
meaningful indicators of member failure. Strains are not a good measure of loss of
member resistance; moreover, their prediction by analysis is model-dependent. In
contrast, the chord rotation capacity — total or plastic — correlates well with local
damage and loss of resistance. On the demand side, inelastic chord rotations may be
estimated even by linear analysis (Economou et al. 1993; Panagiotakos and Fardis
1999b; Kosmopoulos and Fardis 2007; Bardakis and Fardis 2011b).

The elastic stiffness of members holds the key to a relatively accurate estimation
of member chord rotation demands. The value used for this stiffness is that of the
fully cracked member. The reason is that an earthquake strong enough to drive
members to yielding and beyond is rare; so, it gives the necessary time to the variable
loads and ambient temperature, to restrained thermal and drying shrinkage and even
to small earthquakes to occur earlier, at magnitudes large enough to thoroughly crack
every member. Hence, a seismic response analysis should use as elastic stiffness the
secant value to the apparent yield point in a bilinear approximation of the envelope to
the cyclic moment-deformation response.

Section 4.2 summarizes a comprehensive portfolio of rules for the estimation of a
member’s “effective stiffness”, El.g, and ultimate chord rotation, 6, — the latter
identified with a drop in moment resistance of at least 20% of its maximum possible
value. For details see (Grammatikou et al. 2016, 2018a, b, c).

4.2.2 Effective Stiffness of Members with Ribbed or
Smooth Bars

A common practice in nonlinear seismic response analysis is to model every discrete
member — a beam or a column between adjacent beam-column joints, the part of a
wall between successive floors, etc. — as a single nonlinear element. Moreover, all
sources of flexibility between its end nodes, namely flexure, shear and slippage of
longitudinal bars from their anchorage zone(s) outside the physical member, are
lumped into an effective flexibility of the member in bending. Its inverse (i.e., the
member’s secant-to-yield-point effective stiffness) relates the yield moment of the
member’s end section to the yield value, 6y, of an apparent chord rotation, in which
all deformations between the theoretical node and the end of the shear span are
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lumped, as if they were all due to bending. Chord rotation refers to the shear span, L,
of the end of interest, which is defined as the moment-to-shear ratio there. Then, at
that end of the member, we have:

ML,
30,

Ely = (4.2)

The yield moment, My, may be computed from section analysis, lumping all bars
that are near the extreme tension or compression fibers into concentrated tension and
compression reinforcement, and considering the cross-sectional area of all other bars
in the section as uniformly distributed between those lumped near the extreme fibers.
Elastic o-¢ laws may be used; yielding of the tension reinforcement (or over three-
eighths of the tension zone’s perimeter in circular sections) may serve as a section’s
yield criterion (Grammatikou et al. 2016). If the end region is wrapped in FRP, the
concrete Modulus is estimated from the strength of the FRP-confined concrete, f..,
e.g., in MPa as E, = 10,000( f.)"”* (fib 2012). Then, estimation of EI ¢ boils down
to estimation of 6, and use of Eq. (4.2).

A single-valued elastic stiffness is obtained for the member by averaging the
values from Eq. (4.2) for positive and negative bending at the two member ends.

4.2.2.1 Members with Continuous Ribbed (Deformed) Bars

The plane sections hypothesis is taken to apply in members with ribbed bars. If ¢, is
the yield curvature of the end section (computed alongside M,), flexural deforma-
tions along L, contribute to 8, the first term in Eq. (4.3), which takes into account that
yielding of tension bars spreads from the end section till the point where they cross a
45° crack (if a crack forms due to shear before the end section yields):

Ly +ayz  ¢ydif,

3 8v/fe

The internal lever arm, z, appears in the first term if V,, = M, /L, exceeds the shear
resistance without shear reinforcement; then ay = 1; if it doesn’t, then ay = 0. The
second term is the fixed-end-rotation of the end section due to slippage of the
member’s tension bars — having diameter d,, and yield stress f, (MPa) — from
their anchorage zone past the member end; it is based on an assumed bond stress
(in MPa) equal to \/fC(MPa) and is confirmed by experimental measurements of the
fixed-end-rotation. The last term in Eq. (4.3) is the shear deformation, given by the
following empirical fits to experimental results (Grammatikou et al. 2018a, b):

ay = ¢y + eshear,y (43)

h
Rectangular columns or beams : Oshear = 0.0019 <1 + T6L ) (4.4a)
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h
Walls(rectangular or not), box sections :  Ogpeqr = 0.0011 (1 + AL ) (4.4b)

s
Ly

Circular columns : Oghear = 0.0025 (1 — max (1; @)> (4.4¢)

where £ is the depth of the section and D the diameter of a circular section.

4.2.2.2 Members with Lap-Spliced Ribbed Bars — Effect of FRP-
Wrapping

The rules in this section apply to members of any cross-section, if the longitudinal
bars have straight ends lap-spliced over a length /,, starting at the end section.

Rule 1: Both bars in a pair of lapped compression bars count as compression
reinforcement (Biskinis and Fardis 2007, 2010a).

Rule 2: In a section analysis for M, and ¢, the maximum stress, fsm, that can build up
in the lap-spliced tension bars is (Grammatikou et al. 2018a):

l()
fxm:min< 7 = 1>fy (4.5)
0y, min
dpf,

where : Loy, min = 2
af max (Sg; 0.7) (1+4 %)

(4.6)

with ¢p,;,: minimum concrete cover of lapped bars, or half the clear distance to the
closest lap-spliced bar, if smaller; #: thickness of FRP (if any), R.: radius of
circular section or at chamfered corners of rectangular one; Ey, E.: elastic modulus
of FRP or concrete; f.(MPa) = 0.3( f.(MPa))** concrete tensile strength.

Rule 3: Rules 1 and 2 apply to the value of ¢, for Eq. (4.3). The second term in
Eq. (4.3) is multiplied by the ratio of My, as modified by Rules 1 and 2 for the
splicing, to M, without a splice. Besides, in order to decide if ay = 1 in the first
term, the end moment at diagonal cracking, LsVg., is compared to the value of M,
that accounts for the splices via Rules 1 and 2 (Biskinis and Fardis 2010a).

4.2.2.3 Members with Smooth Bars, Including Columns with Lap-
Splices at Floor Levels

Although section analysis estimates well the yield moment at the end section of a
member with smooth (plain) bars, the plane sections hypothesis cannot be taken to
apply throughout the shear span. A non-flexural physical model, of the strut-and-tie
type, assumes that tension dominates throughout the length of a smooth bar, linearly
varying from the yield stress at the extreme tension fibers of an end section which has
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yielded, to the maximum possible stress that can develop at its anchorage. According
to (fib 2012) ahead of a standard 180° hook that stress is equal to 60 times the bar’s
bond strength, which, for vertical smooth bars and stresses in MPa, was given in the
ENV version of Eurocode 2 as equal to O.36\/fc. So, the stress in a vertical smooth bar
at a standard 180° hook may be taken as f, = 224f.

The vertical bars of multi-story building columns are fixed at floor levels; they are
lap-spliced there with the top end of the bars of the underlying column, as in
Fig. 4.1a. Figure 4.1a depicts the assumed distribution of bar stresses at the instant
the columns reach their yield moments at the top and bottom of two successive
stories. This distribution is similar to that assumed in (Grammatikou et al. 2018c) for
double-fixity columns and verified by comparing the predicted moments and chord
rotations at yielding with the results of tests on single-story columns. Figure 4.1b
depicts the distribution of steel stresses at the upper- and lowermost stories and in
starter bars embedded in the foundation. For generality, the yield stress and the
stresses at the top and bottom ends of the bars, indexed by y, ot and ob, respectively,
are taken to be different at each story and are indexed accordingly; index O is used for
the starter bars. H; is the total height of story i, A, ; the beam depth at the top of story i,
and z; the internal lever arm of a column in that story; /,; is the lapping of vertical
bars at the base of column i.

The yield chord rotation at the top and bottom end of a column in story i at
yielding of the corresponding end section is estimated from a strut-and-tie model
(Grammatikou et al. 2018c). With the distribution of steel stresses in Fig. 4.1 and
neglecting the effect of shortening of the concrete strut, we get:
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Fig. 4.1 Multistory column with smooth bars lap-spliced at floor levels at incipient yielding: (a)
assumed distribution of bar tensile stress in two adjacent stories; (b) as in (a) but at the lower- and
upper-most story; (¢) deformed column
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0 _ Hz(f” + fob,i)+ hb,i(fot,i - fob,f)"' Zo,i+1(fy,i + fm,f) (4.7a)
vopi 2z,

S/ NN/ L A ey (4.7b)
y,bot,i T 2Ele-

At the top story (Fig. 4.1b), indexed by i = m, the value /,; , ; = 0 should be used
in Eq. (4.7a). At the connection to the foundation (Fig. 4.1b), indexed by O if i = 1 at
the lowermost story, the embedment depth of starter bars in the foundation, denoted
by Iy in Fig. 4.1b, should be used in Eq. (4.7b) instead of H; ; .

4.2.3 Physical Models for the Ultimate Chord Rotation
4.2.3.1 Members with Continuous Ribbed Bars

Inelastic flexural deformations are lumped in a plastic hinge length, L, measured
from the end which has yielded. The inelastic part of the curvature, ¢-¢y, is taken as
constant over Ly and as zero outside. A post-elastic fixed-end rotation, A8y,
develops after the end section yields, owing to penetration of yielding in the
anchorage zone of the tension bars beyond the member end. The ultimate chord
rotation of the shear span, 8,, and the ultimate curvature of the end section, ¢,, are
taken to occur when the end section’s moment resistance drops to less than 80% of
its peak value. By the time ¢, is reached, Af;, has increased to A8, gip. So:

Ly

0, = Hy + (¢u — ¢y)Lp[( — i

) + Aby gip (4.8)

Biskinis and Fardis (2010b) give equations and flowcharts for the calculation of
the ultimate curvature, ¢,, for all possible failure modes of a section in flexure. For a
parabolic-rectangular c-¢ law for concrete and an elastic-linearly strain-hardening
one for steel, the following ultimate strains give optimal fitting of the resulting ¢,
values to measured ones in cyclic loading (Grammatikou et al. 2016):

(i) Before spalling of the concrete cover:

— for tension bars having uniform elongation &g, nom at tensile strength in a
standard coupon test, in a section without FRP wrapping:

gSL( = 0'46511,710”1 (4'9)

— for the Ny, ension bars in the tension zone of a section wrapped in FRP:
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Eu FRP = O'6£su,nom( 1-0.1 Sln(Nb, tension))l/z (4' 1 O)

— for unconfined concrete:

18.5 \°
0.0035 < g, = —8 > <0.01 (4.11)

— for FRP-confined concrete:

Ecu, FRP = Ecu,Eq.(4.11)

. 0.66, (E 0.6¢0 iE 4.12
+ afﬁfmm<0.5; S e )(1 n<0.5; 7;: fpf)) (4.12)

where:

. _1_(b},—2R)2+(bx—2R)2 (4.13)

T 3b,b,

with by, by: sides of rectangle circumscribed around section, and R: radius of
the corners of the section (b, = by = 2R = D in circular sections);

— Pr = 0.115 for Carbon or Glass FRP (CFRP, GFRP), ; = 0.1 for Aramid
FRP (AFRP);

— &, failure strain, equal to 1.5% for CFRP or ARFP, 2% for GFRP;

— Ej, pg: Elastic Modulus and geometric ratio of FRP in loading direction.

(i1) After spalling of the concrete cover (including FRP-wrapped sections, if the
ultimate strain of Eq. (4.12) has been reached) (Grammatikou et al. 2018a):

— for the tension bars:

Esu =

d
— <1 +3 b) (1 - 0.75¢ 0MWocomYe o, (4.14)
Sh

&su drops with increasing stirrup-spacing-to-bar-diameter ratio, sp/d,, because in
cyclic loading bars break in tension after they buckle in a previous half-cycle; it
also increases with increasing number of bars at the extreme compression fibers,
Ny compr (taken equal to 2 in a circular section), because these bars share with the
member its curvature in the longitudinal direction (ie, their convex side faces
inwards). To buckle outwards, their curvature must be reversed, which is
unlikely for intermediate bars before the confined core crumbles; this is not an
issue for the corner backs, which buckle sideways. The larger Ny, compr 1, the
more the intermediate bars are.
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— for the confined concrete core inside the steel ties:

* in a rectangular compression zone:

0,04 |22 ff (4.15a)

c

gcu,c = gcu,Eq.(A.ll

¢ in a circular section:

aﬂwfyw
fe

The depth of the confined core, A,, is used in Eq. (4.11) as &; p,, and fy,
are the volumetric ratio and the yield stress of transverse steel; the
confinement effectiveness factor a is:

* in rectangular sections:

Sh Sh S b2
_(1_ _ _ > .
a (1 2b0> (1 %0) (1 6b0h0> >0 (4.16a)

where b,, h,: confined core dimensions to the centerline of the outer tie, b;:
spacing of centers of adjacent bars (indexed by i) which are restrained by a
tie corner or a hook; and sy: centerline spacing of ties.

* for circular sections:

Ecu,c = Scu,Eq.(4411) +0.07 (415b)

n
Sh
=(1-= 4.16b
¢ ( ng) (4.160)

with n = 2 for individual circular hoops. n = 1 for spiral reinforcement.

The strength of concrete confined by steel ties, f,., and the associated strain are
given by Eq. (4.17) (fib 2012), with concrete strain at f., €.,, equal to 0.002 and
a from Eq. (4.16a, b).

3/4
fee =fc(1 +K), €00 = €co(1 +5K), with K = 3.5 (ap;fyw> (4.17)

If ¢, is computed according to the above and ¢, from section analysis, the post-
yield cyclic fixed-end-rotation due to bar slippage is (Grammatikou et al. 2018a):
A, siip = 4.5dpe,,, 01 MOy gip = 4.25d, (¢, + ¢) (4.18)

For so-determined ¢y, ¢, and A, qip, and with v=N/Af. (A.: cross-sectional
area, N axial force, positive for compression), expressions for Ly were derived for
cyclic-flexure-controlled members conforming to recent seismic design codes:



4 From Force- to Displacement-Based Seismic Design of Concrete. . . 111

¢ For columns with circular section (Grammatikou et al. 2018a):

L 1
pl . . Ls
7( rnln( ] V))[ mln( J] ( a)

* For sections made of rectangular parts with web width b,,, depth A:

L L
7”1 = 0.3(1 — 0.45min(0.7; v)) <1 + 0.4min (9; 7)

(-4 )

Poor details reduce the cyclic flexure-controlled ultimate curvature much more
than the ultimate chord rotation. So, the plastic hinge length to be used in Eq. (4.8)
for non-conforming members alongside the smaller ultimate curvature, is:

(4.19b)

Lpl,nc = 1-3Lpl,Eqs.(4.19) (420)

Equation (4.20) does not apply after wrapping the plastic hinge region with FRP,
as the wrapping heals poor detailing due to nonconformity with seismic design
codes.

4.2.3.2 Members with Lap-Spliced Ribbed Bars — Effect of FRP-
Wrapping

The ultimate chord rotation is unaffected by the splicing [, if the latter exceeds:

L d,f,

ou,min 421
Ju|1+aa,a, imin 3; Pe l—lmin 3 P ( )
’ 2R( f;-f 6 Jrc’

where (Grammatikou et al. 2018a):

— a, = l in circular sections, a,, = Aesu/Mior IN TECtangular ones with n,.4, lapped bar
pairs restrained at corners or hooks of ties or inside a chamfered corner of an FRP
jacket, out of a total of n,, spliced bar pairs;

— as = 1 for confinement by FRP; for confinement by ties g is the product of the
first two terms in Eq. (4.16a); in circular columns the diameter of the circular
hoop, D, replaces the centerline dimensions of the rectangular outer tie, b,, h;
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— a. = 1.5 for confinement by steel ties, a. = 9.5 for confinement by CFRP,
a. = 10.5 for GFRP, and a. = 12 for confinement by AFRP;

— R, is equal to the bending radius of the steel tie or of the FRP jacket;

— DPe = Aafyw/(snR.) for confinement by steel ties; p. = ff,, ¢/R. for confinement by
FRP of thickness t;.

The minimum of the values given by Eq. (4.21) for confinement by ties or FRP is
used as Iy min-

If the available lapping, [,, is less than Iy, min, the ultimate chord rotation
decreases: with 8, and ¢, determined according to Rules 1 to 3 in Sect. 4.2.2.2, 0,
is computed from Egs. (4.8), (4.9), (4.10), (4.11), (4.12), (4.13), (4.14), (4.15a,
4.15b), (4.164, 4.16b), (4.17), (4.18, 4.19a), (4.19b), with Eqs. (4.10), (4.12) apply-
ing to members with FRP wrapping and (4.9), (4.11) to those without. The ultimate
curvature, ¢,, is computed by applying Rule 1 to the lapped compression bars and by
reducing the maximum elongation of the extreme tension bars at ultimate conditions
due to steel failure (Grammatikou et al. 2018a):

€ laps = mln(la 10 ]g\'u 2> mln{l, l{] Jf—l (422)

ou,min oy,min E Ky

Equations (4.9), (4.14) give &, in members without FRPs and Egs. (4.10) and
(4.14) for FRP-wrapped ones; Eqgs. (4.6) and (4.21) give loymin and Iloy min,
respectively.

Equation (4.20) doesn’t apply if the plastic hinge region is wrapped in FRP; such
wrapping heals poor detailing due to nonconformity with seismic design codes.
However, Eq. (4.20) applies to nonconforming members without FRP wrapping.

4.2.3.3 Multi-Story Columns with Smooth Bars Lap-Spliced at Floor
Levels

The strut-and-tie model gives the ultimate chord rotation at column ends in story i:

h

Hi — hy,
6u,top,i = 6y,top,i + (¢u,i - ¢y,i) (008717’ + 0'6(lo,i+1 + hb,i))

_~_¢u,i§z¢,idi H,- - hb,i n Zi (423)
2 Zi Hi — hy,;
eu,bot,i = ey,bot,i
Hif + h i—
Faap,i ((¢u,i—1 - ¢y,i—]) (0.08# + O.6l0,,-> (4 24)

Duic1Suimadi (Hi — hy; Zi
+ 2 Zi +Hi_hb,i
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With dy ;. the diameter of the bars in column i-1, the reduction factor due to
lap-splicing of hooked bars is (Grammatikou et al. 2018c):

3 loj
App,i = MIN I 5 ; (4.25)

b,i—-1

If there are FRP jackets of length Ly around each column end in story i, then:

Hi — hy;
Outop.i.iRP = Oy top.i + (i — by 1) <0-06% +0.8(l,ixr1 + i)

1 Ly Ly Hi— hy,; %
P £ d: :
+ (¢u,t §L¢,l <2 Hi — hb,i) + ¢u,c,1§u,c,tHi — hb,i) l< % + Hi — hb,i>

(4.26)
Ou,bot,i,FRP = Oy, bot,i
H;_ hy i
(buicr — byi) (0.08 ot T ity 0.610.,-)
1 Ly (4.27)
+aiap,rrei | + (¢u,[—1 Sui-1 <§ - m)

Ly H;i — hp,; %
y i d; :
+¢u,c,171 61«,0,1 lH,' — hb,i) ( % +Hz — hb,i)

If dy, ;_ is the diameter of the column bars in story i—1, lap-spliced with 180° hooks
to those of the column in story 7, then in Eq. (4.27) (Grammatikou et al. 2018c):

Alap, FRP,i

I, E E
:min(l; 50d’:ﬂ<1+300min<0.05; pgcf)i(o.l—min<0.05; p%f){)))

(4.28)

The geometry, the reinforcement and the axial force of the column in story i are
used to compute ¢, ;, ¢, ; and the neutral axis depth at ultimate conditions, &,;, in
Eq. (4.23) and (4.26). In Eq. (4.24) and (4.27) ¢y i_1, ¢yi—1 and &, ;_ are calculated
using the geometry and the axial force of the column in story i and the reinforcement
of that of story i-1, taking into account the effects of the lap splice.

At the top of the uppermost story (indexed by i = m), l,; . 1 = 0 in Egs. (4.23),
(4.26). At the bottom of the lowermost story (i = 1), Eq. (4.24) is replaced by:
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eu, bot,1 = ey,bol, 1

(¢u,0 - ¢y,0) (0.08max(lo, 15 lb’()) + 06m1n (l,,’ 15 lh,()))
+ Qiap,1 +¢u,0§u,0d| Hy —hy n b4
2 21 H1 — hb,l

(4.29)

Equation (4.27) is replaced similarly to Eq. (4.29) (Grammatikou et al. 2018c).

4.3 Empirical Ultimate Chord Rotation of Members
with Section Consisting of Rectangular Parts

Of the five empirical ultimate chord rotation models proposed in (Grammatikou et al.
2018b) for members with section consisting of rectangular parts, the following was
chosen in the revision of Eurocode 8 (CEN/TC250 2013):

0, = g_v + eﬁl = gy,_Eqs.(443),(4,4(1),(4.417) + 00206(1 - 0-4law,r)(1 - 0~31anr)
(1 _ O.ZZClnL-) (0.2m140,7:u))

’
max (0.05;m )
- 1
max (0.01;w0—® )

Bl

0.1 max(at}f'm; (%) )
(mir(50:£.(MPa)) ) [min(9; 5)]" 24\ 0 M) 05100
(4.30)

where:

— ay,, = 1 for rectangular walls, a,, = O for all other types of members;

— ay, = 1 for T-, C- or box sections, a,, = 0 for rectangular walls or columns;

— ay. = 0 for conformity to recent seismic codes, a,. = 1 for nonconformity;

— v = N/bhf., with b: width of compression zone and N: axial force, positive for
compression;

- W = Zpflfe, @'=p'fy/lfe: mechanical ratio of all longitudinal bars and of the
compression reinforcement, respectively;

— Lyh = M/Vh: shear-span-to-depth ratio at the section of maximum moment;

— pq: steel ratio of diagonal bars per diagonal direction of the member’s
lateral view.

— fyws Ps = Aan/bysy: yield stress and ratio of transverse steel parallel to applied
shear;

— a: confinement effectiveness factor for steel ties from Eq.(4.16a);

— (apfulf.)s: confinement term due to FRP wrapping (if there is one):

0.66,,Ep, 0.6¢,,E
_ [apfuj :af-cfmin|:0.4; O0%urtihy }(14,5@{0.4;%”’”}} (4.31)
f

e

Jec Jc

where the new variable beyond those defined in connection with Eq. (4.12) is:
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e ¢ = 1.9 for CFRP, ¢; = 1.15 for GFRP, and ¢; = 0.9 for AFRP.
Lap splicing is taken to reduce the plastic part of the ultimate chord rotation

as:
l
[ . 0 !
O taps = TN (14 o 0.4 1> 95,54(4,30) (4.32)
max[ aps fyw { apfy ] }
The penultimate term in Eq. (4.30) becomes 24 Pe e rar) if the lap-splice

region is wrapped in FRP. The term in the exponent due to the FRP is taken from
Eq. (4.31), but is ignored if the bars around the perimeter are eight or more.
Correction for nonconformity with recent seismic design codes is not needed then
(i.e., apc = 0), as wrapping the member end in FRP heals the effects of poor
detailing.

4.4 The Case for Energy as the Basis of Seismic Design

Energy provides a better ground for seismic design than forces or displacements:

e Forces, the incumbent, are a phony basis: they are not the product of the
earthquake but of the resistance of the structure; very different earthquakes will
exert on the structure essentially the same forces.

» Displacements, the challenger, have a twofold basis:

— an empirical observation: the equal displacement “rule” and its variant for
structures with short period;

— aphysical reality, albeit not so straightforward to use as energy conservation or
equilibrium: geometric continuity in the deformed structure.

* Energy holds many advantages over both forces and displacements:

— Energy balance (or conservation), the basis of the energy approach, is a law of
nature, as solid, familiar to engineers and easy to apply as the foundation of the
force-based approach, i.e., equilibrium.

— Given an earthquake, the input energy per unit mass depends almost exclu-
sively on the structure’s fundamental period and is roughly independent of the
viscous damping ratio, the post-yield hardening ratio, the degree of inelastic
action (as measured by the ductility factor) and the number of degrees of
freedom (Zahrah and Hall 1984; Uang and Bertero 1990; Fajfar et al. 1992;
Fajfar and Vidic 1994; Sucuoglu and Nurtug 1995; Surahman 2007; Cheng
et al. 2014). This is the equivalent of the “equal displacement rule”’, matching
the prime advantage of displacements over forces.
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— Forces and displacements are vectors; their components in two (often arbi-
trarily chosen) orthogonal horizontal directions are normally considered sep-
arately in design, despite the fact that the most critical response to concurrent
shaking in both horizontal directions and the associated damage occur in an
intermediate direction. The true response is better described by a scalar
measure, such as energy.

— Energy embodies more damage-related-information than displacements, such
as the number of equivalent cycles (Zahrah and Hall 1984; Teran-Gilmore and
Jirsa 2007).

— Numerical instabilities or lack of convergence during a nonlinear response-
history analysis clearly show up in the evolution of the components of energy;
s0, a positive side-effect of tracing the energy components is the awareness of
any numerical problems.

4.5 State-of-the-Art in Energy-Based Seismic Design

Shortly before the emergence of DBD, a few seminal publications co-authored by
bigwigs of the S/T community of Earthquake Engineering (Zahrah and Hall 1984;
Akiyama 1988, 1992; Uang and Bertero 1990) drew its attention to the seismic
energy imparted to the structure through the foundation. Initial enthusiasm for
seismic energy was great, as evidenced by the dozens of papers that followed in
the short- to medium-term and are overviewed below.

Early research addressed mainly the total seismic energy input and its flow within
the structure during the response, i.e., it focused on the demand (.Fajfar and Vidic
1994; Sucuoglu and Nurtug 1995; Bruneau and Wang 1996; Decanini and Mollaioli
1998, 2001; Safak 2000; Chai and Fajfar 2000; Manfredi 2001; Riddell and Garcia
2001; Chou and Uang 2000, 2003; Benavent-Climent et al. 2002, 2010; Kalkan and
Kunnath 2007; Arroyo and Ordaz 2007; Teran-Gilmore and Jirsa 2007; Amiri et al.
2008; Cheng et al. 2014, 2015; Alici and Sucuoglu 2016). Standard shapes were
proposed for the input energy spectra or for the energy-equivalent velocity (Decanini
and Mollaioli 1998, 2001; Chai and Fajfar 2000; Manfredi 2001; Riddell and Garcia
2001; Benavent-Climent et al. 2002, 2010); these shapes peak at the dominant period
of the motion, 7. The most complete proposal seems to be that of Arroyo and Ordaz
(2007): it gives the ratio of hysteretic-energy-equivalent velocity to peak ground
velocity (PGV) in terms of the ratio of spectral pseudo-acceleration to peak ground
acceleration (PGA), of spectral pseudo-velocity to PGV, of motion duration nor-
malized to the ratio of the maximum spectral displacement to the maximum spectral
pseudo-velocity, of soil type and of the ductility factor; it also includes a shift of the
dominant period with increasing ductility.

The State-of-the-art on attenuation of the energy content of the motion with
distance from the source is represented by (Cheng et al. 2014). It used 1550 pairs
of horizontal records from 63 earthquakes to express the geometric mean of the
energy-equivalent velocity in the two horizontal directions (maximum during the
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motion of absolute or relative values) in terms of the natural period of a single-
degree-of-freedom (SDOF) system, the Magnitude of the earthquake and the dis-
tance to its source, the average shear wave velocity in the top 30 m of soil and the
fault mechanism (normal, reverse or strike-slip). Cheng et al. (2015) established also
the cross-correlation function of equivalent velocities along the two horizontal
directions at the same or different periods, and the autocorrelation function along
the same direction at different periods. Other works, which do not have such a
general scope (Chapman 1999; Chou and Uang 2000; Safak 2000; Ordaz et al. 2003;
Alici and Sucuoglu 2016), contain valuable alternative ideas.

Unlike the concerted and fruitful research on input energy spectra of SDOF
systems, energy-based analytical studies of multi-degree-of-freedom (MDOF) ones
were sporadic, uncoordinated and inconclusive. Outcomes so far suggest that the
total input energy is nearly independent of eccentricities and asymmetries in plan
(Goel 1997) and about the same in a multi-story building as in its equivalent SDOF
system (Chou and Uang 2003; Surahman 2007). The feasibility of estimating the
height- or plan-wise distribution of inelastic energy demand via analysis of a 3-DOF
modal system, or (modal) pushover analysis and modal ductility factors instead of
nonlinear response-history analysis, has been explored (Surahman 2007; Prasanth
et al. 2008; Lin and Tsai 2011; Rathore et al. 2011). Benavent-Climent and Zahran
(20104, b) generalised the procedure in (Chou and Uang 2003) for the height-wise
distribution of inelastic energy demand and developed an integrated approach
involving a composite damage index.

Research efforts to consider the capacity along with the energy demand were few
and inconclusive: Leelataviwat et al. (2002) set the input energy as equal to the work
done at plastic hinges at all beam ends and all column bases, assuming an inverted
triangular mode and force distribution and a beam-sway mechanism, with all plastic
rotations equal to the top drift ratio, and solved for the base shear and the top drift.
Leelataviwat et al. (2009) extended the MDOF approach by introducing energy
demand and energy capacity curves, to be plotted against top drift; the intersection of
these curves is the balance point. Along similar lines D’ Ambrisi and Mezzi (2015)
expressed the capacity curve approach in energy terms.

Mollaioli et al. (2011) carried out nonlinear response-history analyses of SDOF
systems with various hysteresis models, using about 900 ground motions (including
pulse-like ones) to establish a relationship between energy demand and displacement
demand, applicable to MDOF systems with various height-wise stiffness distribu-
tions. The so-established displacement demands are meant to be checked against the
corresponding displacement capacities. That work, despite being the most advanced
so far in the direction of bringing the capacities into play, may lay claim to the title of
an energy-based approach only as far as the demands are concerned; capacities are
still in terms of displacements, not of energy.

In an effort to cast energy-based design in a probabilistic framework, Ghosh and
Collins (2006) simulated 1300 motions for a Los Angeles site to convert the
probability distribution of normalized energy at given period of the SDOF system
to a probability distribution of the design base shear coefficient. Member energy
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capacities were considered fixed and pushover analysis of an equivalent SDOF
system was used to derive from them the energy capacity of the system.

With time, research interest shifted to seismic design with energy dissipation
devices or other supplemental protection techniques, where energy concepts is the
natural approach to follow (Benavent-Climent 2011; Habibi et al. 2013; Paolacci
2013; Reggio and De Angelis 2015; Sorace et al. 2016). By contrast, research output
concerning energy-based seismic design or evaluation and retrofitting of conven-
tional structures without seismic protection devices reduced to a trickle.

In summary, the State-of-the-art may be considered as satisfactory only as far as
the total energy demand is concerned. Its flow and distribution within the structure
during the inelastic response is an open issue, to be answered on a case-by-case basis
through nonlinear response-history analysis. Energy is converted during the
response to fluctuating kinetic and potential energy and to heat, which is dissipated
through hysteretic and viscous damping. The peaks of potential energy are equal to
the energy input up to that point in time, minus the energy dissipated hitherto by
hysteresis and viscous damping. As potential energy is mostly or exclusively
deformation energy, its peaks during the response correspond to peaks of deforma-
tion, i.e., of damage. The amount of hysteretic and viscous energy dissipation is
normally large and holds the key to the magnitude of the potential energy, hence to
the predicted severity of damage or proximity to failure. This raises questions about
the distribution of energy demand, due to the recent doubts cast upon the use of
viscous damping in nonlinear response history analyses (Hall 2006; Charney 2008;
Chopra and McKenna 2016; Carr et al. 2017). The recently acknowledged, yet
unresolved, problems attributed to the viscous damping model are an important
hurdle to the distribution of energy demand within the structure; this is an issue that
the energy approach’s research community has not faced yet. Another issue for the
analysis is the potential energy of weights supported on rocking vertical elements of
large horizontal size. Despite its potential importance, this component of the energy
balance is normally ignored, as it reflects a special type of geometric non-linearity,
not included in typical P-A effects.

The largest gap of knowledge, though, concerns the energy capacity of structural
elements and systems, which is more challenging (Fajfar et al. 1991) and has not
been addressed at all so far.

4.6 Concluding Remarks

To date, the promising energy approach to seismic design has fallen short of its true
potential. Instead of developing all the way, to bear fruits for engineering practice, it
has remained an academic exercise, and indeed a quite imbalanced one, as it has
focused on the facet of the problem that is easier to tackle, i.e., the energy demand,
ignoring the energy capacity aspect. So, the energy approach, incomplete and out of
the limelight despite its merits, missed the opportunity to influence the first
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generation of Eurocode 8. The prospects are not better for the second generation of
Eurocodes, currently being drafted (CEN/TC250 2013).

Major achievements of the past concerning the seismic input energy and the
progress so far regarding other aspects of the demand side will all be wasted, and an
opportunity for a new road to seismic design will be missed, unless:

— A concerted effort is undertaken in analysis to resolve issues in modeling the
energy dissipation and to find an easy way to account for the variation in the
potential energy of weights supported on large rocking elements, such as concrete
walls of significant length (a geometrically nonlinear problem).

— The capacity of various types of elements to dissipate energy by hysteresis and to
safely store deformation energy is quantified in terms of their geometric features
and material properties.

— Energy-based design procedures are devised and applied on a pilot basis, leading
to a new, energy-based conceptual design thinking.

If earthquake engineering research re-engages with the very promising and
appealing concept of seismic energy, it is feasible to formulate a full-fledged new
paradigm of seismic design in time for the third generation of Eurocodes, after 2030.
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Chapter 5 M)
Seismic Assessment of Existing Irregular oo
Masonry Buildings by Nonlinear Static

and Dynamic Analyses

Sergio Lagomarsino, Daniela Camilletti, Serena Cattari,
and Salvatore Marino

Abstract The use of nonlinear static (pushover) analysis in the case of existing
irregular masonry buildings is validated through a comparison with results from
nonlinear dynamic analyses, assumed as reference because considered as able to
represent the actual seismic behavior. After the selection of a regular prototype case
study building, different irregular configurations are defined (in terms of plan
irregularity and finite stiffness of horizontal diaphragms). Specific proposals are
considered for the selection of load patterns to be used in pushover analysis and the
definition of limit states on the capacity curve. A general overview of possible
approaches for modelling and analysis of masonry buildings is presented in the
introduction.

5.1 Introduction

The seismic assessment of existing masonry buildings is a relevant issue both from
the social and cultural point of view. Recent earthquakes have confirmed the high
seismic vulnerability of this type of structures, which suffered damage even for low
intensity earthquakes and underwent collapses for levels of intensity for which the
life safety should be guaranteed. However, some masonry buildings have shown a
good behavior, when specific constructive details were adopted, both at the moment
of the construction and after preventive strengthening interventions.

Therefore, the conservation of pre-modern masonry buildings is possible, also
assuring their use under safety conditions, after an accurate seismic assessment,
which is also the starting point for the design of an effective seismic retrofitting,
under the wish of a minimum intervention, both for economic and conservative
reasons.
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It is worth noting that masonry buildings, in particular pre-modern ones, have
been realized through an empirical approach, that is a trial and error process leading,
along the time, to the use of “rules of thumb” mainly consisting of geometric
proportions among structural elements, without the use of mechanical-based models.
Moreover, besides material deterioration, these buildings have often undergone
transformations, not always appropriate from the structural point of view. Hence,
the identification of a structural model for the assessment is not straightforward,
because in principle a clear distinction between structural and nonstructural elements
is not possible. In addition, material properties are inhomogeneous and difficult to be
measured by in-situ nondestructive tests.

The seismic assessment of existing masonry buildings is based on three steps:
modelling, analysis and verification. The seismic response of masonry buildings
depends on the behavior of masonry walls, both in-plane and out-of-plane, on the
connection between walls, and on the interaction with horizontal diaphragms.

When out-of-plane mechanisms are prevented, the seismic capacity of a masonry
building should be evaluated by considering the in-plane behavior of masonry walls
only. In many cases an equivalent frame model can be adopted by identifying
masonry vertical (piers) and horizontal (spandrels) structural elements, for which
proper resistance models (in terms of generalized forces) and deformation capacities
(in terms of drift limits) are formulated.

For piers, different failure criteria are present in the literature (see for a state of the
art Magenes and Calvi (1997) and Calderini et al. (2009)). Flexural failure, with
partialization at the end sections and crushing at the tip, due to normal force and
bending, should be always considered. Diagonal cracking at the center of the panel is
related to the diagonal tensile strength (isotropic behavior), in the case of irregular
masonry, while it depends on the mortar joint strength, the local friction and the
interlocking between units, in the case of regular masonry. In the latter case, also
shear sliding on a horizontal mortar joint should be considered. Drift limits for
irregular masonry have been recently derived from experimental tests by Vanin
et al. (2017).

For spandrels, less experimental tests are available (Gattesco et al. 2008; Beyer
and Dazio 2012; Graziotti et al. 2012; Parisi et al. 2014) and failure criteria (Beyer
2012; Beyer and Mangalathu 2013) should consider also the horizontal tensile
strength of masonry (due to interlocking and vertical compressive stress) and the
characteristics of lintels and other coupled horizontal elements (tie rods, ring beams).
It is worth noting that the normal force in spandrels is usually very low, as horizontal
seismic actions are distributed to each node in proportion to the tributary mass;
normal forces are generated only when a redistribution of shear forces between
masonry piers occurs or if the lengthening of the spandrel is resisted by elements,
such as ring beams or tie rods. Moreover, in this cases the 3D equivalent frame
model may be not accurate.

Piecewise linear force-deformation relationships should be defined at element
level, in terms of shear force and element drift ratio. The elastic stiffness should
correspond to cracked conditions, or a bilinear model may be used until the maxi-
mum strength. After that, the progressive strength degradation should be included at
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element level, in order to evaluate the ultimate displacement capacity at global level
by considering the progressive damage and failure under seismic (horizontal) and
gravity (vertical) loads of all resisting walls; in this case safety verification should be
made in global terms. It is worth noting that this near collapse condition is still
compatible with the stability under gravity loads, for piers, and for the prevention of
local collapse in spandrels. On the contrary, if the progressive strength degradation is
not included in the model, the nonlinear analysis should consider verification in local
terms.

For masonry walls in which it is not possible to define in a reliable manner the
equivalent frame (piers and spandrels), two-dimensional or three-dimensional con-
tinuous or discrete models may be adopted. However, in all cases the safety
verification should be carried out in terms of generalized forces, in specific relevant
sections, and in terms of the generalized shear deformation of properly singled out
masonry panels. It is worth noting that continuous models are usually feasible for
linear analysis. For nonlinear analysis, constitutive models should be able to repro-
duce the local behavior of masonry and should be validated with failure criteria on
ex-post defined panels.

Horizontal diaphragms in masonry buildings should be classified as rigid, stiff or
flexible. If horizontal diaphragms are rigid or stiff, the building should be analyzed
by a global 3D model wherein the in-plane behavior of masonry walls is considered.
If horizontal diaphragms are flexible, each single wall may be analyzed and verified
independently, being subjected to its own effects of seismic actions (including those
transferred by supported floors) and to those related to connected out-of-plane
loaded walls.

The seismic assessment of pre-modern masonry buildings should also consider
the verification of possible partial mechanisms, mainly characterized by out-of-plane
response of a wall portion that is not well connected to the adjacent walls loaded
in-plane. These mechanisms are usually not captured by the global model and may
be analyzed using sub-structuring models, considering a portion (macro-element)
that may be assumed as behaving independently from the rest of the building. Two
alternative approaches, of increasing accuracy should be used (Lagomarsino 2015):
(a) equilibrium limit analysis of a kinematic chain of rigid blocks (evaluation of the
seismic horizontal force multiplier at the activation of the mechanism);
(b) incremental equilibrium limit analysis with geometric nonlinearity (evaluation
of the pushover curve and the displacement capacity; either a rigid or an elastic initial
behavior may be assumed, depending on the mechanism features).

Regarding the seismic analysis, the use of linear methods is problematic for many
reasons (Camilletti et al. 2017): (i) the difficulty of assuming a value for the behavior
factor (g-factor approach) and the overstrength coefficient, which may range from
1 to values also greater than 2 (Magenes 2000); (ii) the lack of reliability of the lateral
force analysis, with unreduced response spectrum and verification in terms of
deformation, because masonry buildings have shorter periods than reinforce con-
crete ones (deformation demand in nonlinear range is higher than the elastic one);
(iii) the lack of reliability of the equivalent frame model in the elastic range, due to
the strong simplification related to the assumption of rigid nodes of finite dimension.
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In the ambit of nonlinear analyses, the static incremental approach (pushover
analysis) is very convenient in the engineering practice, because of the limited
computational effort, but its reliability in the case of irregular buildings (in plan
and elevation) without rigid diaphragms needs to be proved.

A distinctive feature of masonry buildings is the limited ductility of elements
(in particular piers, under some of the possible failure mechanisms). For this reason,
it is useful to model within the analysis the strength degradation at element level, in
order evaluate the global behavior of the building even after this local limit condi-
tions. Modeling the strength degradation at element level allows to evaluate the
gradual strength degradation at global level. The verification is then possible at this
scale, by identifying the limit states on the capacity curve, provided that specific
checks are performed in each wall if diaphragms are not rigid.

The displacement demand at global level may be evaluated by different formu-
lations (N2 method — Fajfar 2000; Capacity Spectrum Method — Freeman 1998,
2004; Coefficient method - ASCE-SEI 2014), after the derivation of the equivalent
SDOF system from the pushover curve. The safety verification is made by checking
at global level that the displacement demand is lower than the displacement capacity.
The verification of local failure, related to the condition wherein one masonry
element is not able to bear gravity loads, is considered by a proper limitation of
the displacement capacity of each single pier. It is worth noting that the verification
of the damage level in each masonry element is implicitly made during the nonlinear
static analysis, by considering force-deformation relationships with strength degra-
dation and the consequence at global level may be directly detected on the capacity
curve.

Within this more general context, in the next sections the reliability of nonlinear
static (pushover) analysis is investigated in the case of irregular masonry buildings,
by considering a proper set of different prototype buildings. These buildings were
also studied by nonlinear dynamic analysis, in order to have a reference solution.

5.2 Distinctive Features of Nonlinear Static and Dynamic
Analyses

Since as aforementioned masonry has a strongly nonlinear behavior even for low
seismic actions, the use of nonlinear methods of analysis is suggested, more than in
the case of other structural typologies. Among the available nonlinear methods, the
Nonlinear Dynamic Analysis (NLDA) is the most accurate tool, but its use is still
limited, especially at engineering practice, since it is time-consuming and requires a
significant computational effort, the availability of proper constitutive laws effective
also in cyclic field and an expert judgment for the choice of the time histories to use.
Moreover, the interpretation of the results is not a simple task (Lagomarsino and
Cattari 2015b).
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Nonlinear Static Analysis (NLSA), that is widely adopted in international stan-
dards (e.g. ASCE-SEI 2014; CEN 2004; G.U. 2008), is a valid alternative for
performing nonlinear analyses of masonry structures since it requires a lower
computational effort, thus being more practice-oriented.

As known, the procedure is based on the following steps: (1) execution of a
pushover analysis, with a proper load pattern; (2) identification of displacements
related to the attainment of different Performance Levels (PLs) or Limit States;
(3) derivation of the capacity curve of an equivalent nonlinear Single Degree of
Freedom (SDOF) system; (4) for the seismic input motion to be considered for the
verification of each PL, evaluation of the displacement demand by a properly
reduced spectrum; (5) comparison between displacement demand and capacity.

This method was originally developed for reinforced concrete (RC) or steel
framed structures, under the hypothesis of rigid horizontal diaphragms and, possibly,
in the case of regular configurations. Then, several proposals have been formulated
in literature to improve the reliability of such procedure in case of structures strongly
irregular or for which the contribution of higher modes is not negligible. They follow
different approaches based on the execution of multi-modal or adaptive analyses
(Aydinoglu and Onem 2010) or the introduction of corrective factors to amplify the
displacement demand or corrective eccentricities to reproduce torsional effects
induced by irregularities; a state of the art of such modified procedures for RC
buildings is in De Stefano and Mariani (2014). However, these proposals are
specifically meant for steel or RC structures, and so they deal with the hypothesis
of rigid floors and with the irregularities that are frequent in these structural typol-
ogies (thus mainly related plan and/or elevation irregularity).

Critical issues arise in the case of masonry buildings. Here the sources of
irregularity are different and involve not only plan and/or elevation irregularity,
but also the stiffness of the horizontal diaphragms. These latter are often constituted
by timber floors or masonry vaults, that are far from the idealization of rigid
diaphragm and this strongly influences the global seismic behavior.

The main critical issues related to the application of the nonlinear static approach
in case of irregular masonry buildings can be summarized as follows, referring to the
aforementioned steps of th