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Preface

Delta areas all over the world are attractive places to live and work. They have tremendous economic potential;
but living there also means to live in the permanent threat of flooding and subsidence of the soft soil. Civil
and hydraulic engineering are key factors in managing these challenges and providing sustainable solutions.
Apart from the constant threat of water on the one hand and the soft soil on the other, the Netherlands face an
additional problem as well. The claims on the available space in the Netherlands are becoming bigger and bigger.
A solution to cope with this problem has been found in a totally new dimension: the underground. However,
building underground in the soft soils of the Dutch delta is not without risks when the available knowledge
and experience is limited. The last decade a lot of research has been carried out in the Netherlands related to
underground construction in soft soil. This book presents a collection of papers related to this field.

Tunnels in Holland had been traditionally constructed by dredging a trench and sink down caissons in the
trench. The impact on above ground activities is temporarily but large, and tunnel boring would be a viable
alternative. However, the soft soil has long been an impassable obstacle, and only in 1999 the first large diameter
bored tunnel in the Netherlands, the Second Heinenoord tunnel, was completed. From the beginning on it was
decided that this tunnel should be a study object as well and this approach has been the beginning of a successful
knowledge development strategy. During the construction an extensive monitoring program was performed.
Unexpected effects occurred: the settlement trough was narrower than predicted and the soil and pore water
stress distribution were quite different from what was expected based on the experience from tunnels outside the
Netherlands.

From this first experience it became clear that knowledge development was heavily needed. GeoDelft (within
the context of the Delft Cluster consortium, an open network of knowledge institutes in and near Delft, founded
in 1999) decided to focus on the fundamental long term aspects. Herein they could easily hook on to the running
programme of COB, the Netherlands Centre for Underground Construction that was directed primarily on applied
research to acquire practical knowledge. The COB-programme was therefore a very relevant source of research
questions, and the COB-approach of developing knowledge in one tunnel project and applying it in the next was
thought to be fruitful. The different parts of the Delft Cluster programme have therefore been coupled directly to
COB within the framework of ‘Joint Practical Research of BoredTunnels’(GPB). In addition GeoDelft developed
a fruitful cooperation with a Japanese partner, the Geo Research Institute in Osaka.

Coupling of GeoDelft – Delft Cluster research to practical projects guaranteed the availability of field labora-
tories. In that way it became possible to perform extensive measurements, but also to do experiments and to apply
and validate the acquired knowledge and models. A clear example is the optimization of the grouting process
throughout a number of tunnel projects. In the Second Heinenoord tunnel it appeared that the subsidence of the
surface area was quite sensitive to the amount and pressure of grout injected in the tail void of the TBM, and this
generated a string of research projects in numerical and physical modelling and field verification. During the
construction of the Botlek Rail Tunnel GeoDelft and WL|Delft Hydraulics performed tests with a two component
grout, and in the Sophia Rail Tunnel an extensive measurement and evaluation programme has been completed.
By the knowledge developed in those cases, the grouting process can now be predicted accurately, so that the
tunnel which will shortly be bored in the subsoil deep under the pile foundations of old Amsterdam can be looked
forward with confidence.

A second example of a field laboratory in the framework of the GPB consortium was the Westerschelde
tunnel. The construction of this 6.6 kilometre long tunnel under the Westerschelde waterway experienced rather
extreme conditions as the deepest point lies at 60 metres below sea level. A number of transverse links, each with
a length of 12 meters, had to be constructed between the two bored tunnels by way of emergency exits. Their
construction was done using soil freezing. It was the first time that this technology was used in the Netherlands
on that scale in such an extreme condition. Delft Cluster partners GeoDelft and TNO cooperated in the research
how and how much the frozen environment would deform the transverse tubes. The results from this project will
also benefit to other Dutch tunnel and other underground construction projects.

Not only the effects on the surroundings, but also the structure of the concrete tunnel itself is subject of the
Delft Cluster research. In the Heinenoord case it already appeared that in the soft Dutch soil the behaviour of the
stiff structure is fundamentally different from what the existing models predicted.Although the models suggested
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that the construction phase is not indicative for the design conditions of the tunnel segments, it appeared to be
of paramount importance. The stamps with which the TBM is pushed forward find their reaction forces in the
already placed tunnel segments. Possible damage mechanisms to the segments were investigated in a full scale
test set-up at the Technical University of Delft. In the Botlek tunnel an extensive set of measurements has been
performed. The results of these tests have led to an optimized form of the segments and to modifications in the
joints, notches and reinforcement of the segments.

These examples show the power of combination the knowledge of the soil, of soil/construction interaction
and of construction material properties. The last decade important steps have been made in order to be able to
construct bored tunnels in the very soft soil conditions in the densely populated Western part of the Netherlands.
Underground construction in a controlled way is an enormous challenge, especially the coming years, when a
number of tunnels will be constructed underneath the old city centres of Amsterdam, Rotterdam and The Hague.
The set of papers presented in this volume gives an overview of the research work carried out the last decade by
GeoDelft and their partners, especially within the Delft Cluster network and the COB consortium.

Peter van den Berg,
Director Research GeoDelft.
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Introduction

Shield tunnelling was introduced in the Netherlands only recently. The first large shield tunnel was the Second
Heinenoord tunnel. The Tunnel Boring Machine (TBM) for this project started in March 1997, preliminary works
in 1995. Within a decade, 6 bored tunnels were realized. Some of them were challenging projects pushing the
limits of tunnelling technology. The list of tunnels includes the by then largest diameter shield tunnel, the tube
with the fasted drilling velocity, a tunnel up to 60 m below the sea water level and an EPB tunnel bored in sand
with a high water pressure.

Field measurements, model and laboratory testing were performed for each tunnel to increase understanding
in the mechanisms involved when in boring a tunnel in soft soil with a high water table. GeoDelft was always
involved in the geotechnical aspects of this research. The contribution of GeoDelft was not limited to the
‘traditional’ geotechnical fields: face stability and settlement trough, but there were also contributions to the
field of bore technology and freezing. Results of this research have been published in articles and conference
proceedings.

Aim of this book is to present an overview of the contribution of GeoDelft to this research. Existing articles
and papers are the core of this book. The contents of these has not been changed, only the layout has been
harmonized for this book and some pictures that were not available in sufficient quality have been changed or
have been removed (pictures were removed only when not essential for the text). The first contributions have
been written in 1992, when the idea came up that shield tunnelling in the Netherlands is a realistic possibility,
the last contributions are from 2005.

In this way the book not only presents pure technical contents, but it also presents how the ideas evolve on what
research is relevant to improve the knowledge on tunnelling. The oldest publications concentrate on what will
be the advantages of tunnelling, Mid-nineties the face stability and the stability of surrounding pile foundations
became an issue. Physical and numerical models were made to investigate face stability and stability of pile
foundations. From the results obtained in the first tunnelling projects it became clear that tail void grouting is
a critical process to minimize surface and subsurface settlement. Grout flow properties were investigated in a
Delft Cluster project and in field measurements at the Sophia Rail tunnel.

The most recent publications in this book show the influence of the grouting process on the force distribution
on the lining and the influence on the grout pressure distribution. The Botlek tunnel was made using an EBP
(Earth Pressure Balance) shield. This triggered some EPB-shield related research on face stability and, properties
and the influence of ground water flow on foam stability.

It was tempting to present the articles in chronological order to show the development in the research. Looking
to the individual papers however, it appears that the historical development is less strait forward than the more
general picture sketched above. Some papers deal with older subjects but were published later, to contribute to
a certain conference. It is therefore decided to present the papers by subject. 4 chapters present 4 focus points in
the research on tunnelling performed by GeoDelft. These focus points are:

– Field measurements
– Grout behaviour.
– Model testing
– Numerical analysis.

The last chapter presents some papers, which do not fit directly within one of these focus points.
Each chapter has a short introduction before the contributions of that chapter.

XV
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Introduction to Field Measurements

This chapter comprises some results that were obtained
from field measurements. Field data were obtained
from the Second Heinenoord Tunnel, the Botlek Rail
Tunnel and Sophia Rail tunnel.

Papers dealing with the first two tunnels focus on
the tunnel face (pore pressures, pressure distribution),
for the last tunnel it is focused on the grout pressures.
Field measurements of the first blow out of a tun-
nel face in The Netherlands, which occurred during
drilling of the Second Heinenoord Tunnel, are also
presented in this book, not is this chapter however.
In a paper from 2001 the measured pressures at the
blow out are compared with the pressures of blow out
experiments in a centrifuge and therefore this paper is
collected in the chapter over model tests.

The content of the first paper in this section was
made before measurements on the Second Heineno-
ord Tunnel started. It therefore presents what should
be measured and not what is measured. The next paper
presents some measurements results and shows a com-
parison of the measured ground deformations with
a Finite Element Model. It shows that the measured
grout pressures deviate considerably from the assumed
pressures, or as it was stated in the conclusions of the
paper: “Above mentioned phenomena desire a more
accurate model of the back fill grouting procedure”.
This was one of the reasons to start a research pro-
gramme on grout behaviour, which is dealt with in the
next chapter.

The third paper presents the results of measure-
ments performed at the Botlek Rail Tunnel. A two
component grout that was used for the Second tube
was tested and the results were analyzed and compared
with the results of measurements on ‘traditional’grout
that was used for the first tube of the same tunnel.

The paper “Pore pressures in front of tunnel, mea-
surements, calculations and consequences for stability
of tunnel face” presents one of the main findings from
the measurements at the Second Heinenoordtunnel”:
the excess pore water pressures that exist in the soil in
front of the TBM. This excess pore water pressure can
have consequences for the stability of the tunnel face
as is elucidated in the paper by using analytical and
numerical methods. A prediction was made what will
be the consequences for Green Heart Tunnel (that was
in the design phase during the writing of the paper)

when the TBM reaches a polder. It became clear that
there was a risk for a blow out. The recommendations
based on these calculations were taken over by the con-
tractor and owner of the Green Heart Tunnel, resulting
in extra precautions (Aime et al., 2004).

The interaction between a sandy soil and foam, as
present at the face of an EPB shield was studied in the
fourth paper using the measurements performed dur-
ing drilling of the Botlek Rail Tunnel. It was shown
that excess pore pressures as measured in front of a
slurry shield can also be present in front of an EPB
shield, depending on the permeability of the subsoil.
The permeability of the subsoil also influences the
foam properties. In case of permeable subsoil it is pos-
sible for the foam to expel the pore water in front to
the tunnel face. This will lead to ‘dry foam’. In case
of less a permeable saturated soil the pore water will
remain in the muck leading to ‘wet foam’with different
qualities.

The next paper in this section deals with the pressure
distribution at the tunnel face and the pressure drop in
the screw conveyer of the EPB shield that was used for
the Botlek Rail Tunnel. It is shown that the pressure
distribution at the tunnel face is not only governed
by the density of the muck, but the yield stress of the
slurry also plays a role as well as grain stresses that can
occur in the muck. It is further shown that the pressure
distribution in the screw conveyer can be influenced
by arching that can occur in front of the entrance of
the screw conveyer.

Artificial Freezing is an important technique quite
often used to make cross passages between two tun-
nels. The fore last paper in this chapter presents
measurements on frost heave and frost related stresses
that were measured during construction of the cross
passages of the Western Scheldt Tunnel. Frost heave
pressures appear to be influenced by the measurement
direction with respect to the freezing tubes and the
permeability of the soil that was frozen.

The last paper in this chapter showed how a com-
bination of field and laboratory measurements can
be used successfully to increase the knowledge on
tunnelling. It presents some measurements that are,
according to the authors of the paper, examples how
progress was made using a combination of measure-
ments and calculation methods.

3
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Monitoring soft soil tunnelling in the Netherlands: an inventory of
design aspects
Recherches aux tunnels en sol tendre aux Pays-Bas: Un inventaire des
aspect de construction

Klaas Jan Bakker
Centre for Underground Construction CUR/COB/Delft University of Technology, The Netherlands

Peter van den Berg
Delft Geotechnics, The Netherlands

Jan Rots
TNO Delft, The Netherlands

ABSTRACT: In the Netherlands the monitoring of two tunnel boring projects is scheduled. In order to derive a
meaningful scheme of instrumentation and measurements, an inventory was made of particular problems related
to boring in soft soil has been made. First a description of the geological situation in the Netherlands is given.
Secondly the Dutch approach to monitoring is explained.And finally an overview of the typical problems relating
to tunnel boring in soft soil (based on the Dutch situation) is produced.

RESUME: Aux Pays-Bas on a decidé d’exécuter deux projets pour la construction des tunnels avec la methode
de percer. Pour obtenir un dessin efficace d’instruments et mesurages, un inventaire des problémes de percer en
fond doux a fait. Aussi une description de la situation geologique aux Pays-Bas a exhibé. Pour finir, une tour
d’horizon des problems de percer en fond doux (pour la situation aux Pays-Bas) a donné.

1 INTRODUCTION

In 1993 the Dutch minister of Transport and Public
Works decided for having two ‘pilot’ projects with
bored tunnelling. For the first time in the Nether-
lands, tunnels with larger diameter would be build
using a boring technique, instead of immersed tun-
nelling. Though smaller diameter tunnels of up to
approximately 3 m diameter had be realised with bor-
ing techniques, up to now boring larger diameters
tunnels was looked upon as unfavourable with respect
to costs and risks. Designers related these risks espe-
cially to the soft soil conditions, in the upper zone of
the dutch soil.

However, the increasing demand on available space
and the increasing public consensus that avoiding hin-
der during construction and operation has a value too
and has to be considered in the weighing of design
alternatives, leads to the demand for underground
alternatives and building techniques; including bored
tunnels.

For that it was decided to have pilot projects.
With the aim of gaining experience and to develop

knowledge. The pilot projects will be accompanied
by research, involving the prediction, monitoring and
evaluation of actual tunnel behaviour. To set-up the
predictions and monitoring scheme, an inventory was
made of the typical problems to be expected while
boring in the Dutch soft soil.

The pilot projects chosen are:

1) The Second Heinenoord tunnel for road transport
2) The Botlek Spoortunnel for rail transport

Both tunnels are passing the “Oude Maas” river and
located just south of the city of Rotterdam. The second
Heinenoord tunnel will have a two tube tunnel with an
outer diameter of 8.3 meter, and will be constructed
using a slurry-shield (TBM). The lining thickness will
be 0.35 meter reinforced concrete segmented rings.
The total length of the tunnel will be approximately
900 m. The Botlek Railway tunnel will be a two tube
tunnel too, depending on the choice single or double
stack transit, the outer diameter will be 8.35 m or 9.5 m.
The lining thickness might be 0.4 m or 0.5 m respec-
tively. The total length for the bored tunnel will be
approx. 1800 m.

5
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Figure 1. BeamAction of a tunnel in non homogeneous soil.

2 MONITORING PROJECTS

The execution of the 2e Heinenoord tunnel; the boring
will start in January 1997, whereas the Botlek railway
tunnel will start approximately a year after, in spring
1998. The monitoring of the projects is commissioned
to the CUR/COB (Dutch Centre for Underground Con-
struction) committee K100. The preparation of the
monitoring, especially for the part that is focussed
on the 2e Heinenoord tunnel was initiated late 1993.
And started with an inventory. The global plan for
the monitoring was formulated simultaneously. The
leading thesis for the definition of monitoring project
was; ‘Measuring is knowing’ and secondary to that;
‘A predicted measurement has added value’. There-
fore, a preliminary phase for the monitoring project is
making predictions.

Among other models, K100 has chosen to make pre-
dictions with Continuum models such as with Finite
Elements. This reflects the view that on the longer
term there is more benefit; more added value, related
to using ‘integral models’. Models which are not
limited to an aspect of a design, but where it is pos-
sible to analyse several aspects based on one model,
one topology of the construction. Continuum models
such as 2D and 3D Finite Element models fit in with
this perspective.

This reflects the Dutch philosophy for structural
design, especially for constructions which go beyond
our experience. That is to analyse the ‘new’ structure
rigorously with ‘models’, both empirical, analytical,
physical and numerical. This in contradistinction with
the ‘observational method of design’such as often used
in the United Kingdom or Japan.

3 GEOLOGY OF THE NETHERLANDS

Both tunnels are located in the western part of the
country in an area in which the soft to very soft lay-
ers (undrained shear strength less than 40 kPa and

sometimes even less than 10 kPa) have a thickness
of about 15 to 20 meter. Due to sea attacks, braiding
rivers and tidal effects, the subdivision of these upper
layers strongly differs at a short distance. In contrast to
many projects in other countries, in the Netherlands it
is almost impossible to plan a tunnel in, predominantly,
one homogeneous layer. In many cases the tunnel bor-
ing machine has to excavate many different materials
(peat, soft clay, sand and gravel) during the same track.

The top-section of the stratigraphy of the western
part of the Netherlands consists of peat and soft to very
soft clay (formed during the holocene period) laying
on top of a thick layer of sand, coarse sand and gravel
(formed during the pleistocene period). In this part
of the country, the groundwater level is almost at the
soil surface. The pleistocene sand layers were formed
during the glacial periods. During these periods the
water level of the North Sea was relatively low and
during inter-glacial periods the sea level was relatively
high. During times of high sea level, the west coast was
below sea level and marine clays were deposited, but,
generally speaking, sedimentation related to (braided)
river systems dominated. Coarse sands and gravels
were deposited during glacial periods and windblown
sands during inter-glacial periods.

At the beginning of the holocene period, the last sea
level rise started and tidal zones reached the south west
of the Netherlands again. Peat formation started nearby
in the floodplains. These peat layers were sometimes
overlain by marine clay and were sometimes eroded
by the sea. About 5000 years ago a coastal barrier sys-
tem was developing: dune forming started. In the areas
behind the coastal barrier, out of reach of the aggres-
sive sea, thick peat layers were formed. Locally, these
layers were eroded by the sea again and were (partly)
replaced by marine clay sediments.

4 INVENTORY OF PROJECT ISSUE’S

According to Peck (1969), the main problems relating
to bored tunnelling are;

– keeping a stable boring front
– limiting the impact on the surrounding soil and

foundations and
– keeping the tunnel safe and operational dur-

ing use

Typical aspects which might lead to problems in
relation to boring in the Dutch situation might be;

– the geology; very soft soil on top of pleistocene sand
– piled foundations in the Dutch city’s,
– groundwater level almost at the soil surface

In order to draw up the inventory of all the aspects on
which monitoring of the ‘pilot’ projects would have
to be focused, first a partial inventory was made on
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the following aspect fields (for which research and
development proposals had been made):

– Risk assessment and safety
– Exploration and monitoring of the subsoil
– Boring and tunnel technology
– Design models for deformation and dynamics
– Integral maintenance and Management
– Environmental aspects

Monitoring was part of all these proposals. The task
of committee K100 was to extract a coherent com-
bination of instrumentation and experiments, which
would serve the demand of all the aspect fields. Part
of this task included was ordering the priority of all
the proposals to optimize the profit of the monitoring
scheme, and to fit this in on the budget. The result
of this is an integrated ‘bundle’ of research which is
under execution as one project.

5 TYPICAL DUTCH PROBLEMS WITH
RESPECT TO BORED TUNNELLING

5.1 Feasibility of boring

The feasibility of boring is among other authors
described by Peck (1969).
Aspects relating to this feasibility are:

1) Front stability
2) Excavation efficiency with respect to the soil

encountered
3) Maintenance and unexpected wear of cutter bits
4) Unexpected objects

Front stability; For a slurry shield, such as is
foreseen for the 2e Heinenoord tunnel, the working
pressure for the slurry support is on the underside
bounded by ‘active’ failure of the soil; if the support
pressure is too low to maintain equilibrium in the soil
mass. Whereas it is bounded at the upper side by a pas-
sive failure of the soil; if the support pressure is too
high, a blow out or uncontrolled loss of support fluid
might appear.
In Fig. 2 it is illustrated how the boundaries for the
support pressure Pa are affected by the strength of the
soil. In the figure it is indicated how the boundaries
for the support pressure will be affected if the soil gets
weaker; narrowing the bandwidth which is available
for the support pressure.

In Fig. 3 it is indicated what it means if the uncer-
tainty with respect to the upper and lower bound is
taken into account, sketching the probability density of
instability. For soft soils; weak soils, a problem might
be encountered if the safe range between lower and
upper limit leaves a too small range for operating the
working pressure of the face support.

A complicating factor might arise if the vertical
soil stresses are partially determined by water loading

Figure 2. Face support pressure required for stability acc.
to Mair (1987).

Figure 3. Stability range for face support pressure.

under the influence of tidal movements. The machine
driver might have to compensate his slurry support
pressure as a function of the tidal movements.

Maintenance and wear of cutter bits; is most
likely not too much affected by soft soil. Too ‘sticky’
behaviour of clay might give more problems.

Excavation efficiency; if there is a large diversity
in soil layers; e.g. in the upper holocene layers, the
excavation efficiency might be influenced. It will be
difficult then, to optimize the type of TBM on a single
type of soil. During a tunnel drive of only hundreds of
meters, several types of soil might and will be encoun-
tered, often only in thin layers. The boring front might
not be homogenous; and may exist of very diverse
materials, with very diverse permeabilities. This
coupled with the probability of water bearing layers,
might give problems with respect to local instabilities.
For situations with a large fluctuation in soil layers it
will be advised to reduce the speed of excavation in
order to secure that the ‘cake’ formation on the front
is not too much influenced by a too high speed.
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Unexpected objects; In the Netherlands subsoil
fossil wood might be encountered. During exploration
for the sand closures during the Delta project, where
large amounts of sand where needed, special inter-
est was given to this aspect. Seismological surveys
in the Eastern Scheldt estuary indicated the existence
of fossil wood in the subsoil. In practice no practical
problems where encountered.The encountering of tree
trunks however cannot be excluded.

In the northern parts of the Netherlands, in the zone
that was covered with ice in the last glacial period,
boulders where carried by the Ice from the Scan-
dinavian zone’s to the Netherlands. The megalithic
chambered tombs which can be found in the provence
‘Drente’ are artifacts of that. Boulders might be
encountered North of the line ‘Haarlem Nijmegen
in the Netherlands, and on the ‘Utrecht chain off
Hills’.

5.2 Buoyancy

As the weight of the tunnel lining and installation is
less than the soil (including the groundwater) that is
removed, the structure is not in vertical equilibrium. In
order to gain equilibrium an initial upward movement
will develop, initiating a stress redistribution above,
and a stress relieve under the tunnel until equilibrium
is reached. The effects of this aspect are related to the
beam action of a tunnel, see Fig 2. and section 5.3.1
of this paper.

5.3 Soil-Stiffness

5.3.1 Soil-Stiffness effects on the beam action
As the stiffness of the soil might have a variation along
the length of the tunnel, as is illustrated in figure 1,
equilibrium might not only be derived from the equi-
librium of the successive rings but also because the
tunnel tube acts as a ‘beam on elastic foundation’This
effect is related with the parameter π

λ
(Hetényi 1946),

according to:

which might be interpreted as a measure of the length
scale on which a disturbance might spread.
where:

Eb = the Young’s modulus for the material of the
‘tube’
Ib = Moment of Inertia for bending of the tube
K = subgrade reaction modulus for the soil

The Moment of Inertia for a thin lined tube is approx-
imated by:

where:

D = Diameter of the tube
d = thickness of the lining

Taking into account that a continuous bedding is
assumed both under and on top of the tunnel, the
subgrade reaction for the tube is approximated as:

where for the subgrade reaction modulus for the soil;

is assumed, with:

Es =Young’s modulus for the soil.

If one takes into account that:

although reducing this ratio by factor 2 for the fact
that semi ‘elastic’ material (Kaubit) is used in the
joint between rings to avoid stress concentrations. The
lining thickness is approximated as:

combination of all this yields:

Which means that for the staged construction of a tun-
nel tube, and for situation where there is a distinct
difference in subgrade reaction modulus, one has to
take into account that for a length of approximately 8
to 14 times the diameter of the tube, reckoned from
the point of ‘disturbance’ there is a diminishing effect
on bending moments and shearing forces in the tube.

The lower the stiffness of the soil, and/or the higher
the stiffness of the tube (larger diameter), the more
the assumption that every ring in the tube is in dis-
tinct equilibrium with the supporting soil, had to be
doubted.

More generally; a low stiffness of the soil brings
larger deformation corrections to derive equilibrium
from soil reactions.

5.3.2 Soil stiffness effects on bending moments
in the lining

For the stress distribution in the tunnel rings, the model
developed by Duddeck (1980) and later on evaluated
on with respect to the influence of the stiffness of the
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Figure 4. Maximum bending moments in the lining as a
function of the stiffness ration α, acc to Duddeck (1985).

bedding can be used to illustrate the influence of soft
soil.The model itself can be regarded as a Winkler type
with a curved beam on continuous elastic bedding. In
the limiting case this model describes the results for
a ring with static loading instead of a spring reaction.
Which means that for the bending moments in a tunnel
lining, the effect of the relative stiffness can be ‘visu-
alized’ as a reduction factor on the Rigid solution, as
a function of the elasticity parameter;

The rigid solution, for a deep tunnel with tangen-
tial interaction, which is taken here for reasons of
illustration, can be described by:

Where

σv = vertical soil stress
σh = horizontal soil stress

For σh = K0σh and m = (1−K0)
4 this can be read as

Mmax = mσvR2 such as indicated in Figure 4. The
Figure is drawn for K0 = 0.5.
Duddeck (1985), indicated a region of application
between 5 < α < 200 which would give a reduction of
bending moment with respect to the ‘rigid’ situation
(no stress redistribution) with a percentage of 20 to
80%.

If we evaluate this for the Dutch soft soil situation,
considering that the segmental bending stiffness for
a unit with is Id = 1

12 d3; and if we assume again that
d = D

20 ; evaluating a range for Eb
Eg

≈ 1à10 ∗ 103. Then,
for the soft soil conditions, this leads to;

Figure 5. Deformation of a segmental lining.

Which means that for soft soil conditions we are only
nearly within the region of application such as indi-
cated by Duddeck, and now the expected reduction is
much less; only 10 to 30%.

5.3.3 Axial equilibrium
At the stage of entering the receiving shaft, the axial
stresses at the front, will diminish, and so the axial
stresses in the tube.These axial stresses in the tube con-
tribute to the shear force capacity of the tube, and so a
procedure has to be developed to secure the shear force
capacity between the rings at all stages of construction.

5.4 Segmental lining

The effect of soil-structure interaction, and the effect
of the stiffness ratio between soil and structure are dis-
cusses above in section 5.3 Not discussed yet is that
the lining is composed of segments. Segmental tunnel
linings can be viewed upon as an assembly of ‘blocks’,
connected by joints. Basically, the situation is similar
to other stacked structures like masonry, brickwork
and precast concrete assemblies. The behaviour of
these structures can be assessed using block mechan-
ics. In particular, a nonlinear finite element strategy
whereby the segments are modelled by continuum
elements and the joints by interface elements might
be attractive. The nonlinear behaviour will be mainly
concentrated in the relatively weak and flexible joints
while the relatively strong concrete segments can be
modelled as linear elastic. With this approach the total
strength, stiffness/flexibility of the assembly can be
predicted.
In Figure 5, an illustrative result is given of one of the
predictions which was made to prepare the ‘Instru-
mented rings’. One of the results of these predictions
was the observation that not only the monitoring of
stresses within the elements, but also the differential
displacements between elements has to be measured.
Special instrumentation for that is scheduled.

Finally; the analysis of segmental behaviour is
important, especially in the case of soft soil, as the
lining build from loose elements with prestresses in
fact inherently represents an unstable structure, so that
large joint openings and segment movements might
occur if the proper attention is not paid to this issue.
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5.5 Influence of tunnelling on pile foundations

In the western part of the Netherlands, most buildings
are founded on piles. The reason for that is discussed
in section 3 of this paper. The length of the piles is 15
to 20 meter or even more. The tunnel boring process
will take place at or around the same depth.

Normally, during tunnelling a larger volume of soil
is removed than the volume of the tunnel itself. Using
the present techniques, in many cases this volume loss
may be around 1% of the tunnel volume. This volume
loss influences the state of stress in the surrounding
soil. This may lead to additional settlement of the
piles and a reduction of the bearing capacity of the
foundation.

The interaction between loaded foundation piles
and a tunnel under construction is a complicated
mechanical problem. The problem is typically 3-
dimensional and the stress distribution in the soil
around a driven pile is still a point of discussion.
Although at the moment software and hardware is
available, suitable for modelling this problem in a 3-
dimensional finite element model, the results need
validation either by full scale or by model tests in the
centrifuge.

Recently, the problem was modelled Delft Geotech-
nics, centrifuge, (Bezuijen and van der Schrier, 1994).
The tunnelling process was simulated by a model tun-
nel: a cylinder with a diameter which can be varied
in a controlled way. Six piles at different distances
from the tunnel, loaded to 75% of the ultimate bearing
capacity, have been used to investigate the pile-tunnel-
interaction. During the test, in which the diameter of
the tunnel was reduced, the settlement of the piles
was monitored. Three different tests were performed:
one preliminary test with limited instrumentation for a
tunnel in homogeneous, saturated sand and two subse-
quent tests with a layered soil model analogous to the
typical Dutch conditions, i.e. a (holocene) clay layer
on top of a (pleistocene) sand layer.

Based on the test results it was concluded that add-
itional pile settlement due to tunnelling can be quite
significant, if the volume loss is about 1% or more
and the distance between the pile and the tunnel is
about or less than one tunnel diameter. More settle-
ment was measured during the test in which the tunnel
was located for a substantial part in the foundation
(sand) layer. Extrapolation of the test results indicate
that, if the tunnel is not located in the foundation layer,

but in the overlaying clay layer, the influence of the tun-
nelling process is less significant: larger volume losses
or shorter distances between tunnel and pile seem to
be acceptable than.

During construction of the 2nd Heinenoord Tunnel
full scale tests will be carried out using concrete and
wooden piles. In the old cities in the western part of the
country many buildings are founded on wooden piles.
The results of this full scale test will be compared to
the results of 3-dimensional finite element predictions
and the results of the centrifuge tests.

6 CONCLUDING REMARKS

– In order to control the deformation behaviour of a
segmental lining it is recommended to pay attention
to the beam action of a tunnel.

– Special attention should be given to the stability
of segments in the lining, as the empirical analysis
with Winkler theory, in combination to the view that
a segmental lining with ‘joints’ will loose stability
if the subgrade reaction modulus of the soil is too
small.

– The interaction between tunnelling and pile-
foundations needs further research.

The coöperation of Mr. W.L. Leendertse, program-
director of the ‘Centre for Underground Construction’
in Gouda, is gratefully acknowledged.
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Ground deformations due to the boring of the Second Heinenoord Tunnel
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ABSTRACT: During the construction of the bored ‘Second Heinenoordtunnel’, an extensive research pro-
gramme was carried out. This paper presents the ground deformations, measured at the Northern monitoring
area. The 950 m long tunnel comprises two tubes, each with an outer diameter D of 8.3 m. The measured ground
deformation varies between 7 and 37 mm. It appears that there is an almost linear relation between the ground
settlement and the volume of injected grout. From the measured vertical and horizontal ground deformations it
is concluded that the model, used for the predictions, overestimates the width of the settlement trough and gives
incorrect values of the soil deformations and soil stresses around the lining. A grouting pressure model has been
developed which results in a better analysis of the ground deformations next to the tunnel lining and a better
prediction of the settlement trough.

RÉSUMÉ: Lors de la construction du second tunnel de Heinenoord déjà foré, un programme de recherche
étendu a ete effectué. Le présent article présente les déformations au sol mesurées a la zone de surveillance
nordique. Le tunnel de 950 m de long comporte 2 tunnels de diamètre extérieur 8,3 m. Les mesures de déforma-
tions varient entre 7 et 37 mm. Les résultats de l’ étude montrent une relation quasi linéaire entre le tassement
du sol et le coulis injecté par volume. Les déformations mesurées poussent à la conclusion que le modèle de
prédiction utilisé surévalue la largeur de tassement de la cuvette et produit un calcul incorrect des déformations
du sol et des tensions du sol autour de la doublure du tunnel. Un nouveau modèle décrivant les pressions de
colmatage du coulis a été développé. Il effectue une meilleure analyse des déformations au sol au voisinage de
la doublure du tunnel et améliore le calcul du tassement de la cuvette.

Keywords: Tunnelling, Ground deformations, FEM models

1 INTRODUCTION

A few kilometres south of the city of Rotterdam,
the ‘Second Heinenoordtunnel’ has been bored in the
period between 1996 and 1998. In order to obtain expe-
rience with shield tunnelling in Dutch soft soil condi-
tions, the project was designated as a pilot project.
Therefore, an extensive research programme was car-
ried out during construction. This paper describes a
part of the results of the geotechnical research pro-
gramme. Other research topics were the behaviour of
the lining and the tunnel boring machine. The total

research programme was commissioned by the Centre
of Underground Construction (COB).

The tunnel crosses the river ‘Oude Maas’ and was
bored using a pressurised slurry shield. The 950 m
long tunnel comprises two tubes, each with an outer
diameter D of 8.3 m. The cover varies between 0.8
times the diameter near the entry and exit point and
approximately 1 times the diameter below the deepest
point of the river. A longitudinal profile of the tun-
nel is given in Figure 1. For the research programme,
two monitoring areas have been prepared. One on the
northern bank of the river and one on the southern
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Figure 1. Longitudinal profile and typical CPT result at northern monitoring area.

bank. This paper describes the results of the research
programme performed at the northern bank only. Pre-
sented displacements are displacements caused during
each passage of the TBM. A few days before passing
of the TBM, all displacements were reset to zero.

2 SOIL CONDITIONS

The geotechnical profile of Figure 1 was established
from 82 Cone Penetration Tests and 15 boreholes.
Because of the presence of old river beds and gullies,
large variations in soil conditions occur. At the moni-
toring areas on the river banks, the ground level is NAP
+2 m to NAP +3 m (Dutch reference level). In general
the Holocene layer extends to a depth of NAP −15 m
and consists of peat, clay and loose to medium dense
sand layers. Beneath this Holocene layer 8 m dense to
very dense sand occurs, followed by a 2 m thick stiff
silty clay layer. Beneath this clay layer, mainly dense
sand was encountered. At the northern monitoring
area, the Holocene layer however mainly consists of
sand. A typical CPT result at the northern monitoring
area is shown in Figure 1.

The river is connected to the North Sea. The water
level in the river and the ground water table at the river
banks are influenced by tidal action. At the northern
monitoring area, the average ground water table is 3 m
below ground level.

3 INSTRUMENTATION

For monitoring of the soil deformations and stress vari-
ations, two monitoring areas were set up. The northern
monitoring area is 75 × 50 m2. In this area the average

cover of the tunnel is 15 m.An overview of the installed
instrumentation is given in Figure 2:

A. 53 settlement markers installed in 4 rows: 2 rows
in the tube axes and 2 rows perpendicular the tube
axes

B. 4 inclinometers: 2 above the tube axes, 2 next to
the tubes to a depth of NAP −24 m

C. 6 extensometers: 2 above the tube axes, 4 next to
the tubes to a depth of NAP −18.5 m

D. 3 piezometers within the driving range of the tubes
for measuring water pressure in front of the TBM.
During the passage of the TBM, the piezometers
were destroyed

E. 4 earth pressure cells installed at a distance of 2 m
and 4 m from the first tube. Each pressure cell mea-
sured the water pressure and the soil pressure in 3
orthogonal directions

F. 1 open standpipe
G. 1 reference point

4 PREDICTIONS

Before construction, soil deformations and stress vari-
ations were predicted using several calculation meth-
ods. Green field settlements were calculated using
analytical and empirical formulas, such as Sagaseta
and Peck. Two and three dimensional FEM calcula-
tions were used to predict horizontal and vertical soil
deformations and stress variations.

All predictions were based on an area of the settle-
ment trough of 1% of the tube area. In the FEM
analyses, the tail effect was modelled by applying a
contraction of the borehole. This method results in
soil displacements towards the tube. The results will
be discussed in the following chapter.
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Figure 2. Overview of northern monitoring area.

5 RESULTS

The measured green field settlements above the tube
axes are presented in Figure 3. Up to a distance of
approx. 5 to 10 m ahead of the TBM, almost no settle-
ments occur. While the TBM passes, the settlements
rapidly increase. At a distance of 20 to 30 m behind the
face, the settlements remain constant, which indicate
that time dependent settlements are small. After the
first passage, the maximum settlement at 32 m (4D)
behind the face varies between 22 and 37 mm.After the
second passage of the TBM, the maximum settlement
varies between 7 and 17 mm.

The relatively small settlements at the front of
the TBM indicate that soil displacements due to
front effects remain small. Apparently, settlements
that occur above the face are caused by (spreading)
soil deformations due to overcutting and tail effects.
The variation of the measured maximum settlement
is mainly determined by a variation in the volume
of injected grout. In Figure 4 the maximum settle-
ments are given against the volume of injected grout.
From this Figure it appears that there is a linear rela-
tion between the volume of injected grout and the
maximum settlement.

The predicted vertical ground deformations at 4D
behind the face are shown in Figure 5. The dis-
placements were calculated by applying a uniform
contraction of the bore hole in a FEM analysis. Dur-
ing the calculations, an area of the settlement trough of

1% was assumed. The predicted maximum settlement
at ground level is 18 mm.

The vertical ground deformations, measured by the
extensometers at 4D behind the face, are also presented
in figure 5. After the first passage, the maximum set-
tlement at ground level is 26 mm. The area of the
settlement trough at ground level is 0.76% of the cross
section of area of the tube. With depth, the area of
the settlement trough increases from 0.84% at NAP
−3.5 m to 0.85% at NAP −6.5 m. The measured set-
tlement above the tube axis appears to be larger than
predicted, whereas the width of the trough appears to
be smaller than predicted.

In Figure 5, also the vertical ground deformations
measured above the second tube are given. Compared
to the settlements above the first tube, the settlements
above the second tube remain small. This is mainly
caused by a larger volume of injected grout during the
second passage of the TBM. The maximum settlement
at ground level is 8 mm. The area of the settlement
trough at ground level is 0.23%. With depth, the area
of the settlement trough slightly increases from 0.23%
at NAP −3.5 m to 0.24% at NAP −6.5 m.

The horizontal displacements perpendicular to the
tube axis and at 4D behind the face are given in Figure
5b. By contracting the bore hole, an almost constant
horizontal displacement of 7 mm has been calculated
at 2 m next to the tube.

Next to the first tube only a small displacement of
3 mm towards the tube was measured. Up to ground
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Figure 3. Greenfield settlements above tube axes.

Figure 4. Relation between maximum settlement and volume injected grout.

level the horizontal displacements increase to 10 mm.
Next to the second tube small displacements in the
direction away from the tube are measured. The maxi-
mum displacement at the side of the tube axis is 2 mm.

It appears that, using a contraction model, the width
of the settlement trough and the horizontal displace-
ments are overestimated. The contraction model will

predict a stress release above and at the side of the tube,
which will result in ground displacement towards the
tube and a wide settlement trough. From the measured
displacements it appears that the displacements per-
pendicular to the tubes vary. The ground displacement
and therefore the stress release above the tube axis
are larger than the displacement next to the tube axis.
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Figure 5. Vertical (a) and horizontal (b) ground deformations at 32 m behind the face.

Figure 6. Pressure distribution around the lining at the first tube.

At the second tube, even a displacement away from
the tube is measured, which will result in a stress
increase. The pressure cells installed next to the tube
also measured this stress increase.

6 GROUTING PRESSURE MODEL

The predictions were performed using a contrac-
tion model. This model will result in an incorrect
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Figure 7. Deformed mesh using grouting pressure model.

deformation of the borehole and an overestimation of
the width of the settlement trough. To come to a more
realistic model of the boring process, a more accu-
rate modelling of the grouting process is desired. To
fill the tail void, grout is injected under high pressure.
The pressurised grout will support the tunnel lining
and the surrounding soil layers and prevents excessive
soil deformations. The pressure distribution within the
injected grout depends on the injection pressure, the
material properties of the grout, the number of injec-
tion points, location of the injection points and the
dimension of the tail void.

A grouting pressure model has been developed, in
which the pressure distribution within the tail void
can be applied, whereafter the deformations that occur
can be calculated. This model has been used for back
analyses of the measured displacements. From stress
measurements on the lining and back analyses of the
measured displacement it appears that, compared to
the initial K0-stresses, a rather uniform pressure dis-
tribution will be created around the lining due to the
grouting pressure. In Figure 6 the initial K0-pressures,
the measured pressures and the calculated pressures

for the first tube are presented. The calculated pres-
sures were determined by back analysing the measured
ground deformations.

In Figure 7 the deformed element model is given.
From this figure it appears that a non-uniform deform-
ation of the bore hole occurs due to the application
of the pressures, presented in Figure 6. The applied
grouting pressure will not only result in a better calcu-
lation of the soil deformations around the bore hole,
but will also result in an accurate analysis of the ground
settlement.

7 CONCLUSIONS

At the Northern monitoring area the final settlements
varied from 7 to 37 mm. It appeared that, using a slurry
shield machine, the settlements due to front effects
remain small. The settlements are mainly caused by
tail effects. Because the subsoil mainly consists of
sand, the time-dependent settlements are negligible.
The settlement trough appears to be smaller than pre-
dicted. The ground displacements and therefore the
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incremental stresses perpendicular to the tubes vary
strongly. The ground displacement and therefore the
stress release above tube axis are larger than the dis-
placement next to the tube axis. At the second tube,
even a displacement away from the tube is measured,
which will result in a stress increase.

Above mentioned phenomena desire a more accur-
ate model of the back fill grouting procedure. This
model will provide better values of the ground deform-
ations adjacent to the tunnel lining and a better
prediction of the settlement trough.

17

Copyright 2006 by Taylor & Francis Group, LLC

  



ETAC two-component grout field test at Botlek rail tunnel
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ABSTRACT: This paper describes the experiences and test results of a field test during the construction of
the Botlek rail tunnel (port of Rotterdam), where the Japanese 2-component grout, ETAC, has been used. In this
test the assumed advantages of the ETAC product compared to more traditional grouts have been examined. A
difference is made between a grout (the ETAC material) and a mortar (the traditional materials).

1 GENERAL INTRODUCTION

The existing Botlek bridge over the Oude Maas river is
a bottleneck for freight transport along the Port Rail-
way of Rotterdam. The bridge is often raised to allow
ships to pass and does not have sufficient capacity
for a second track. In order to remove this bottleneck,
the two track Botlek rail tunnel is being constructed.
The tunnel is part of the BetuweRoute project. Its total
drilled length is 1,850 metres. The tunnel exist of 2
tubes with an internal diameter of 8.65 m laying at a
distance of one times the diameter from each other.The
project is carried out by the BoorTunnelCombinatie
Botlek using an Earth Pressure Balance shield (EPB)
type of tunnel boring machine (TBM). The con-
struction period is 1998 until 2001. The project has
been commissioned by Railinfrabeheer of Dutch Rail
(NS RIB).

The area where the tunnels are constructed has the
largest pipe and cable density in Europe. This is the
backbone of the Port of Rotterdam. Numerous of these
pipes and cables are crossing over the tunnel. Among
these are pipes for various chemicals. The pipes are
concentrated in so-called “pipe streets”. Damage to
these pipes could have catastrophic economical and
environmental consequences.

2 INTRODUCTION ETAC TWO-
COMPONENT GROUT

For over twenty years a two-component grout has been
used by the Japanese for the filling of tail voids in
shield tunnelling. The tail voids are caused by the fact
that the outer diameter of a TBM is larger than the
outer diameter of the tunnel lining. It is necessary to
fill these tail voids, because not filling them may result
in the collapse of the surrounding soils. This will lead
to excessive settlements of the soil, causing damage to
the surroundings.

The ETAC grout injection test was carried out by
three parties. The composition of the project team,
supporting these tests consisted of members of all
three parties involved; Nederlandse Bouwstoffen
Combinatie (NBC), BTC Studiedienst Boren and
GeoDelft (GD). Furthermore the project was sup-
ported by the producer of the ETAC material, the TAC
Corporation, and by the Geo Research Institute of
Osaka. Both from Japan.

3 PROJECT OBJECTIVES

The project objectives were to conduct a test in which
the expected advantages of ETAC could be proven and
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to gain experience in working with the ETAC mater-
ial. The expected advantages of ETAC compared to
conventional grouts and mortars are:

1. More efficient tunnel boring process
In this part of the evaluation the realisation of the
test is presented in respect to:

• The mechanics (components of the ETAC produc-
tion plant and the lay-out of the site).

• The methods (process handling, process param-
eters, material consumption and material specifi-
cations).

• The quality (analysis of time related to progress
and stagnations).

2. Faster and better support of the tunnel lining
Here the relation between the ETAC process param-
eters and the acting forces in the TBM is studied.
A relation between the ETAC and TBM process
parameters on one side and the occurrence of ring
damages was also studied.

3. Reduced influences to the surroundings
The evaluation of this part of the study was divided
into:

• The acting forces in the tail voids. An analysis of
the injection and tail void pressures was made for
the ETAC grout as well as the standard mortar.
Here the relations amongst the mutual process
parameters were studied.

• The influences of the grouting process on the
surroundings.

4 LOCATION, METHODS AND DATA

4.1 Description of the test areas

The location of the test site was divided into four sep-
arate test areas (see table 1). Along the drilled part
of the tunnel a total of six monitoring locations are
arranged. Monitoring location 2 is used to perform the
ETAC test; monitoring location 3 is used as reference
location for the BTC-Botlek mortar.

Both monitoring locations are equipped with
settlement plates, extensometers, inclinometers and
monitoring rings. The monitoring rings consist of pre-
installed pressure cells in the lining segments and are
used to measure grout and soil pressures on the outside
of the tunnel lining.

4.2 Steering principals injection process

Injection of the tail voids has a direct influence on the
settlement behaviour of the surface and the quality of
the tunnelling process. The tail void injection serves
as a backfill and a foundation for the individual tunnel
segments. The injection pressure must be sufficient

Table 1. Test areas.

Test Monitoring Injection
area situation Injection process pressure

1 location 2 ETAC grout high
2 location 2 ETAC grout low
3 location 2 ETAC grout optimal
4 location 3 BTC-Botlek mortar standard

to fill these tail voids completely. However the max-
imum allowed pressure should not be exceeded and
may also not lead to leakage of the tail seals of the
TBM. Therefore the applied injection pressures and
injection volumes must be maintained and controlled
during the injection process.

The controlling of the ETAC grouting system is
based upon controlling the injection pressure and
injected volume of the two-components of the ETAC
grout. The injected volume depends upon the pressure
development during boring.

During the injection process of the BTC-Botlek
mortar the control parameter is the injected volume of
the mortar. Here a maximum pressure is maintained
that should not be exceeded.

The amount of mortar, that should be injected,
depends on the contour cut of the excavation wheel
and the outside diameter of the tunnellining.

5 TUNNEL BORING PROCESS

5.1 Injection methods

Injection method BTC-Botlek mortar
Here the tail void will be filled with mortar through six
injection openings (lisenes) in the mantle of the shield
of the TBM. Each lisene consists of two pipes, where
the second pipe is used as a spare (see figure 1).

Injection method ETAC two-component grout
Here the lisenes were not used, because the lisenes are
not suitable to keep the two components apart from
each other before they enter the tail void. Because the
ETAC was used as a test the TBM was not modified.
Therefore the ETAC grout was injected directly into
the tail void during the test through special made pre-
installed openings in the tunnel lining.The ETAC grout
was injected through two injection openings located at
the top section of the tunnelling, as shown in figure 1.

5.2 Quality

5.2.1 Time analysis of the tunnel boring process
During the construction of a shield tunnel the time
necessary to build the tunnel can be divided in opera-
tional time and non-operational time of the TBM.
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Figure 1. Injection methods (BTC-Botlek mortar and ETAC).

BORING IDLE/STAGNATIONCONSTRUCTING

TUNNELING PROCESS

NON-OPERATIONALOPERATIONAL

Figure 2. Construction “cycle”.

The actual boring and construction of a tunnel ring
is the operational time. These two matters are the basic
parameters of the construction cycle. When this con-
struction cycle is disturbed in such a way that there is
stagnation in the process we speak of non-operational
time. The non-operational time is also a part of the
realisation time of the tunnel.

5.2.2 Performance indicators
Lessons learned from an earlier time analysis per-
formed by the BTC Studiedienst Boren during the
“Second Heinenoord tunnel” project, showed that the
performances of the different tunnel boring processes
are hard to define. Therefore the BTC Studiedi-
enst Boren has defined performance indicators, with
which the tunnel boring process could be reviewed
unambiguously:

• Effectiveness (indicator: availability of systems)
The effectiveness of the tunnel boring process is
distinguished by the ratio of the operational time
and the total realisation time.

• Efficiency (indicator: efficiency of actions)
The efficiency of the tunnel boring process is
defined as the realised production per unit of oper-
ational time. Thus the non operational time will not
be taken in consideration.

Sum failure
pump system

13%

Sum failure
mixing plant

14%

Sum cleaning weekend
26%

Sum cleaning
nozzles

11%

Sum supply
22%

Sum rearranging nozzles
14%

Figure 3. Distribution of idle time of ETAC-system.

5.2.3 Time analysis ETAC
The average boring cycle time of the ETAC test areas
was 66 minutes. The average ring building time was
67 minutes. Due to non operational time of the ETAC
plant, the tunnel boring process has been interrupted
for a total of 648 minutes. The total idle time of the
system was 4341 minutes. The average cycle time was
236 minutes per ring. From this time analysis it is con-
cluded that 26% of the idle time in the ETAC system
was caused by cleaning and preparations activities on
behalf of weekend leaves.

5.2.4 Time analysis BTC-Botlek mortar
During boring with BTC-Botlek mortar the average
boring time was 70 minutes. Construction of the rings
took an average time of 61 minutes. Idle time of the
tunnel boring process in this test area was 3807 min-
utes, of which 987 minutes was caused by the mortar
system.

More than half of the idle time was caused by the
cleaning of the fixed mortarcontainer on the TBM.
Time was also consumed by cleaning and preparation
time on behalf of the weekend leaves. These two phe-
nomena are inherent to this type of mortar system.
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There was also time lost due transport of the mortar.
This idle time was caused by:

• The fact that preparation of the mixture in the mortar
installation started too late.

• Stagnation of the transport of the mortar through the
tunnel.

• The pumping of the mortar from the mortar carriage
into the fixed mortar container.

5.2.5 Analysis of performance indicators
The quality assurance of the tunnel boring process
is valued by means of performance indicators. There
are two of these indicators: the effectiveness and the
efficiency.

• Effectiveness (indicator: availability of systems)
ETAC test areas
The effectiveness during injection with ETAC grout
was 56% according to the time analysis described
above. Thus, the tunnel boring process was inter-
rupted during 44% of the total process due to
stagnations.
BTC-Botlek test area
The effectiveness of this test area was 59%. So the
tunnel boring process was for 41% of the process
time interrupted due to stagnations.

Sum cleaning
mortar container

51%

Sum clogging
system

7%

Sum mortar transport
21%

Sum cleaning weekend
21%

Figure 4. Distribution of idle time of the BTC-Botlek
mortar system.

Table 2. Progress forecast tunnel boring process.

Tunnel boring process Tunnel boring process
with ETAC grout with BTC-Botlek mortar

Available time 24 hours 24 hours
daily shift
Effectiveness 56% 59%
Operational time 13 hours 26 minutes 14 hours 9 minutes
Non operational 10 hours 34 minutes 9 hours 51 minutes
time
Efficiency 0.45 ring per hour 0.46 ring per hour
Daily production 6.0 rings 6.5 rings

• Efficiency (indicator: suitability of actions)
ETAC test areas
The efficiency of the tunnel boring process with the
ETAC grout was 0.45 according to the time analysis.
This corresponds with a non disturbed construction
cycle of 2 hours and 13 minutes.
BTC-Botlek test area
The efficiency of the tunnel boring process with
the BTC-Botlek mortar was 0.46 according to the
time analysis.This corresponds with a non disturbed
construction cycle of 2 hours and 10 minutes.

5.2.6 Performance forecast
The production and/or progress of the tunnel bor-
ing process can be forecasted with the determined
performance.

From table 2 one can conclude that the tunnel bor-
ing process was more successful with the BTC-Botlek
mortar than with the grout. However, the idle time
caused by problems in the mortar system itself was
not accounted for in the analysis mentioned below.

The idle time caused by this factor is 15% with
ETAC grout and 26% with BTC-Botlek mortar. The
part of the idle time caused by problems in the BTC
mortar system was significantly higher than in the
ETAC grout system. This is remarkable because the
TBM itself is completely set for the BTC-Botlek mor-
tar. From this the conclusion can be drawn that a tunnel
boring process with use of the ETAC grout is less vul-
nerable to interruptions in the system and therefore a
higher production could be made.

6 INTERACTION WITH THE TUNNELLING

A conclusion, concerning the interaction of the fillings
of the tail voids and the tunnellining has been drawn by
judging the appeared damages (damages to the tunnel
segments) of the tunnellining.

6.1 Observed damages at the ETAC test areas

There were 192 damages observed in the ETAC test
areas, given an average of 4.6 occurred damages per
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ring. It seems that there is a relation between the injec-
tion pressure, the injected volume and the amount of
occurred damages when using the ETAC grout. The
test area that has been injected with the highest injec-
tion pressure, had the least damages. More damages
were observed in the test area where the ETAC grout
was injected through only one injection nozzle instead
of the common two injection nozzles. This was due to
a technical problem with the injection system caused
by a human error.

6.2 Observed damages at the BTC-Botlek
mortar test area

At 122 rings damages have been observed in this test
are, meaning an average of 2.9 damages per ring. No
relations could be found between the injection pressure
and injection volume on one hand and the observed
ring damages on the other hand. Or: no interaction
between the BTC-Botlek mortar and the tunnelling
was observed.

7 SURFACE DEFORMATIONS

7.1 Surface deformations monitoring location 2 –
ETAC test areas

The vertical surface deformations that occurred in
monitoring location 2 along the tunnel axis are shown
in figure 5.

From figure 5 two groups of surface deformation
lines can be recognised. The group with the lowest
deformations are situated at test area no. 1 (where
the highest injection pressures were applied), with the
exception of one settlement plate. The level of deform-
ations in this test area range between 11 and 15 mm.
The difference of the results in this test area probably
lies in the vertical deformations that occur in front
of the TBM. A rising of the surface of approximately
4 mm at a distance of 0 meters from the front of the
TBM was observed, whereas settlement plate 179 does
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Figure 5. Surface settlement versus distance to front of
TBM with ETAC.

not have this heaving of the surface in front of theTBM.
When the final settlement for settlement plate 179 is
corrected for this difference of 6 mm the final surface
settlement at this location fits with the readings of the
other settlement plates in test area no. 1 (19 mm).

In the test areas no. 2 and 3 (respectively low and
optimal injection pressures) there were no measure-
ments available before the passage of the front of the
TBM. Therefore it was not possible to make a proper
analysis of the total settlements.

The total surface settlements at the ETAC test area
range between 11 and 21 mm.

7.2 Surface deformations monitoring location 3 –
BTC Botlek mortar reference area

The surface deformations that occurred at monitoring
location 3 are shown in figure 6. This figure shows
that there was a surface settlement of 5 to 8 mm before
the passing of the front of the TBM. It also shows that
there is no difference in slope of the settlement curves.
The maximal final settlements range between 25 mm
and 37 mm.

7.3 Inclinometers

The maximal horizontal deformations (obtained by
measurements with inclinometers) at monitoring loca-
tion no. 2 and 3, are shown in figure 7. The results of
the horizontal deformations that occurred at monitor-
ing location no. 2 are 50 times enlarged, whereas the
horizontal deformations at monitoring location no. 3
are enlarged by a factor of 100.

The maximal horizontal displacement next to the
tunnel in monitoring location no. 2 is 10 mm, whereas
the maximum horizontal deformation in monitoring
location no. 3 is 45 mm. Figure 7 shows, that the soil
at monitoring location no. 2 moves towards the tunnel
above the tunnel and from the tunnel below the tunnel.
The soil at monitoring location no. 3 moves throughout
the depth in the direction of the tunnel.

-40
-35

-30
-25
-20
-15
-10
-5

0
5

10

-80.0 -60.0 -40.0 -20.0 0.0 20.0 40.0 60.0 80.0

distance to front of TBM [m]

su
rf

ac
e 

se
tt

le
m

en
t 

[m
m

]

301 303 304 305 306 317 335 336 337 338 340

longitudinal settlement trough

Figure 6. Surface settlement versus distance to front of
TBM with BTC-Botlek mortar.
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7.4 Analysis

Both the horizontal and the vertical deformations of
the soil are significantly less in the test areas injected
with ETAC, compared to the deformations measured
in the test area injected with the BTC-Botlek mor-
tar. It can be stated that this could be caused by the
different behaviour of the ETAC material. The ETAC
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Figure 8. Phases of surface deformations during the tunnel
boring process [1].

Table 3. Relative influences of different phases of the tunnelboring process to the
surface deformations.

Part of total surface deformation [%]

source soil type/project Phase 1/2 Phase 3 Phase 4/5

Literature [2] Non cohesive 20 37 43
Cohesive 10 16 72

Heinenoord [2] North I 15 45 40
North II 15 45 40
South II 10 25 65

ETAC Monitoring 1 21.4 34.7 44
field-test location 2 21.1 34.7 44.2

grout forms a plastic, clay-like gel within 15 seconds
after injection. Successively, the ETAC will harden,
and reaches a strength of 250 kPa after only 1 hour.This
means that the grout is no longer liable to distortion.

A comparison is made between the test results of
the ETAC field-test and results at other shield tunnels
obtained from international literature and the Second
Heinenoord tunnel project the first shield tunnel in
The Netherlands.The surface deformations are divided
into five phases (see figure 8). It should be noted that
this kind of division does not take the influence of
3D-effects on these phases into account.

The differences of the relative parts of the deform-
ations, in percentages of the final deformation, are
shown in table 3. Here phase 1 and 2 as well as phase
4 and 5 are presented as one, in order to make a
comparison with other projects possible.

Table 3 shows that there is hardly any difference
between the test results of monitoring location 2 and
3 (the ETAC test areas and the BTC-Botlek mortar
test area). The results also match quite well with the
results obtained from the literature for non-cohesive
soils (sandy soils).

However, there is a difference between the ETAC
test areas (monitoring location no. 2) and the BTC-
Botlek mortar reference area (monitoring location no.
3), when the absolute figures are compared to each
other. The results of this analysis are presented in
table 4. It is not useful to compare the results from

Table 4. Absolute influences of the different phases of the
tunnelboring process to the surface deformations for ETAC
field test.

Part of total surface deformation [mm]

Monitoring Monitoring Factor location 3/
location 2 location 3 location 2

Phase 1/2 4 7 1.75
Phase 3 7 11 1.57
Phase 4/5 10 15 1.50
Total 21 33 1.57
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the Second Heinenoord tunnel project with the ETAC
field-test, as the soil at both locations differs too much.

The average vertical surface deformations at moni-
toring location no. 2 (ETAC) are a factor 1.5 to 1.75
lower than at monitoring location no. 3 (BTC-Botlek
mortar). This may be caused by the 3D-effects. A
larger loss in the tail voids (phase 4 and 5) automat-
ically results in a larger deformation over the shield
(phase 3).

8 CONCLUSIONS

8.1 Efficiency tunnel boring process

The tail void injection system using the ETAC grout
is a new development, it is still in its “infancy”. The
normal tail void injection system with conventional
mortar however is a fully optimised process, due to
the fact that the constructors have more experience
in using this system. It is therefore difficult to make a
comparison between the two systems. By means of the
set performance indicators it can be concluded that the
tunnelboring process in the test area where the regular
BTC-Botlek mortar was used, is more efficient than at
the test areas where the ETAC grout was used.

However, the idle time due to problems in the mortar
system were significant higher in the test area where
the BTC-Botlek mortar was used. This is remarkable
considering the fact that theTBM is set to the use of this
mortar. It can be concluded that a tunnel boring process
using ETAC grout is less vulnerable to disturbances,
so a higher production rate can be accomplished when
using the ETAC grout system. This was the main rea-
son why BTC-Botlek decided to use ETAC for the
construction of the second tube of the Botlek rail tun-
nel. Therefore the TBM was modified by constructing
special injection tubes for ETAC that could be inserted
inside the existing injection openings in the shield of
the TBM. Also the ETAC injection control system was
integrated in the TBM control system.

8.2 Interaction tunnelling

It seems that there is a relation between the injection
pressure and the number of damages to the tunnelling
where ETAC grout was used. More damages occurred
in the test area where only one injection opening was

used. Fewer damages occurred in the test area where
high injection pressures were applied.

Comparing both injection techniques, it can be con-
cluded that there were fewer damages in the test area
where the BTC-Botlek mortar was used.

It should be noticed that there are other factors than
the injection technique and the injection method used
that affect the interaction between the tunnellining
and the filling of the tail voids. It was observed that the
friction of the shield increased in the test areas where
the ETAC grout was used. It was not clear whether this
was caused by the interaction of the ETAC grout or a
change in geology.

During the construction of the second tube the num-
ber of damages was much less than during the ETAC
test.

8.3 Surface deformations

Both the absolute horizontal and vertical deformations
in the soil were significant lower where the ETAC
grout was used. It can be stated the different behaviour
of the ETAC material is responsible for this phe-
nomenon. The ETAC grout forms a plastic, clay-like,
gel within 15 seconds after injection. Successively, the
ETAC will harden, and reaches a strength of 250 kPa
after only 1 hour.This means that the grout is no longer
liable to distortion.

There were no differences observed in the rela-
tive distribution of the vertical surface deformations
over the 5 different boring phases between the ETAC
grout and the BTC-Botlek mortar.The observed values
match the values found in the literature for non-
cohesive (sandy) soils. However the absolute defor-
mations are a factor 1.5 lower in the areas where ETAC
grout was used.

During the construction of the second tube the sur-
face settlements ranged between 10 and 20 mm at the
monitoring areas used for the field test.
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Pore pressures in front of tunnel, measurements, calculations and
consequences for stability of tunnel face

Adam Bezuijen, Jitse P. Pruiksma & Hans H. van Meerten
Delft Geotechnics, The Netherlands

ABSTRACT: As a part of a measurement campaign the pore pressures were measured in front of a tunnel
during drilling with a slurry shield in sand. It was found that during drilling the pore pressure in front of the
tunnel up to a distance of 2 tot 3 times the tunnel diameter is higher than the hydrostatic pressure. This is caused
because drilling prevents plastering of the bentonite at the tunnel face. Calculations show that this excess pore
pressure increases the minimum pressure necessary for stability of the tunnel face and has also consequences
for the maximum allowable pressure at the tunnel face. The paper describes the measurements, what mechanism
prevents the plastering in front of the tunnel during drilling, speed of plastering by the bentonite slurry during
stand still and consequences for stability of the drilling process

1 INTRODUCTION

A measurement and monitoring programme has been
performed during the drilling of the 2nd Heinenoord-
tunnel (Bakker et al. 1999).The aim of this programme
was to investigate the relevant mechanism during
drilling for the soft soil conditions that are present in
most of The Netherlands.

This paper deals with only one aspect of these
measurements, the excess pore pressures that were
measured in front of the tunnel face during drilling.
It will show the origin of these excess pore pressures
and the consequences for the stability of the tun-
nel face during drilling. The minimum and maximum
allowable pressures to achieve a stable tunnel face are
studied. For the minimum allowable pressure usually
calculation methods as suggested by Anagnostou &
Kovári (1994) or Jancsecz & Steiner (1994) are used.
Consequences for these calculation methods will be
discussed. An example is presented for the maximum
allowable pressure. There are indications that conse-
quences of excess pore pressures on the maximum
allowable pressure are also present in other situations
(Bezuijen & Brassinga 2001).

2 MEASUREMENTS

Pore pressure gauges (PPTs) were mounted in the tun-
nel track as a part of the measurement campaign. The
total instrumentation, measuring deformations and
pressures, in one of the measurement fields is shown in

Figure 1.The PPTs int the tunnel track were in use until
destruction by theTBM. Results will be discussed for a
PPT located in sand. Excess pore pressures were meas-
ured in front of the TBM during drilling. However,
the pore pressure decreased until hydrostatic pressure
when the drilling stopped. The result of one of the
gauges is shown in Figure 2.

When the TBM reaches the PPTs, the passing of the
cutters on the TBM can be seen in the measured pore

Figure 1. Artist impression measurement field. The arrow
indicates the pore pressure gauges in front of the TBM.
Results of the gauge in the middle are used this paper. (Bakker
et al. 1999).
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Figure 2. Measured excess pore pressure in front of a slurry
shield and approximation.
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Figure 3. 3D presentation of the measured excess pore
pressure in front of a slurry shield.

pressures as variations in the pressure. The pressure
decrease during a stand still can be seen in the 3-D
plot, Figure 3, where the pressure is presented as a
function of both the distance form the tunnel and the
time. From this plot it is clear that when there is no
progress in the drilling (the distance remains constant)
the pressure decreases. The pressure starts to increase
when drilling started en the distance between the gauge
and the tunnel decreases.

The measurements show that there is a plastering of
the tunnel face by bentonite when drilling stops, but
that there is no plastering during drilling. The reason
for that will be explained in the next section.

3 PRESSURE CALCULATIONS

If there is no plastering of the tunnel face at all, it is pos-
sible to calculate the excess pore pressure by means of
groundwater flow computations.The actual 3D bound-
ary value problem reduces to a rather simple problem

if we calculate the pressure in front of the tunnel at the
tunnel axis, assuming a constant excess pore pressure
over the tunnel face, a homogeneous soil and no influ-
ence of the surface. For such a situation the solution
of the piezometric head at the tunnel axis leads to:

Where φ is the excess piezometric head above the
hydrostatic level at a distance x from the tunnel face.
φ0 the excess piezometric head at the tunnel face and
R the radius of the tunnel. This solution is plotted
with the measurements in Figure 2 and showed good
agreement.

With this solution it is also possible to understand
why the bentonite at the tunnel face cannot provide
plastering during drilling. The hydraulic gradient in
front of the tunnel can be calculated by taking the
derivative of Equation (1). At the tunnel face (x = 0)
this leads to the equation:

with i the hydraulic gradient. The pore water velocity
(vp) in front of the tunnel can be written as:

where k is the permeability of the sand an n the poros-
ity. When a tunnel with a diameter of 10 m (5 m radius)
is drilled in sand with a permeability of 10−4 m/s and
a porosity of 40% (average values for this tunnel), the
velocity of the pore water will be 2.5∗10−4 m/s. Ben-
tonite cannot penetrate faster than the velocity of the
pore water. If the drilling advances with 1 mm/s, this
means that the drilling goes faster than the bentonite
penetrates. Bentonite will penetrate, but every time a
cutter of the rotor passes, it will take away all bentonite
and there is no possibility to form a filter cake.

This means that the excess pore pressure measured
is not caused because the bentonite does not plaster
well enough. It is caused because drilling goes faster
than bentonite penetration into the sand for this tunnel.

4 PLASTERING

When drilling stops, a filter cake will build up due
to the mud spurt and consolidation of the bentonite
slurry (Bezuijen 1997). Using the results of experi-
ments (Huisman 1998) and the permeability of the soil,
it is possible to derive the course of the pressure in the
soil just in front of both the tunnel face and the slurry
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Figure 4. Measured and calculated pressure in the soil in
front of a tunnel face during a stop in the drilling when a
filter cake is built.

cake when drilling stops.At the axis close to the tunnel
face there will be 1-dimensional flow. In that situation
the pressure, written as a piezometric head, in front of
the tunnel due to the mud spurt (the most important
mechanism) can be written as:

where φms is the piezometric head in the soil in front of
the tunnel face, φ0 is the piezometric head at the tun-
nel face, x the distance the bentonite has penetrated
into the soil, n the porosity, kws the permeability of the
consolidated slurry, ks the permeability of the soil for
slurry, � the ratio between applied piezometric head
and final penetration of the bentonite slurry as meas-
ured in a plastering test, in which bentonite penetrates
into a sand sample using a predefined pressure dif-
ference (Huisman 1998). ψ is the 1-dimensional flow
resistance in the soil in front of the tunnel without
bentonite (caused by groundwater flow only) and is
defined as:

with q the specific discharge and φ∞ the piezometric
head at a large distance from the tunnel (=0 when the
other values are presented as excess values). Since
the thickness of the bentonite layer that penetrate into
the soil during the mud spurt is very small compared
to the dimensions of the tunnel, this layer can be
neglected to determine ψ. Using Equation (2) and
Darcy’s law q = k.i it is found:

x in Equation (4) varies with time and is determined
by the amount of slurry that has flown into the soil and
can be solved using the equation:

To check the validity of these equations the results
of PPT 5 measurements were used during the last
drilling stop before the gauge was destroyed by the
TBM. The result is shown in Figure 4 together with a
the result of a calculation using the measured � (133)
and φ0 − φ∞ = 3.5 m, n = 0.4, ψ = 2.5.10−5 1/s, ks =
5.10−5 m/s and kws = 2.5.10−8 m/s. The result showed
reasonable agreement apart from pressure peaks that
are present in the measured signal, probably because
the rotor is still turning.

Analysing laboratory results Huisman (1998) found
that better agreement between measurements and cal-
culations could be obtained if also the blocking of the
pores by bentonite particles is taken into account by
an empirical blocking factor. These field data do not
clearly prove the need for such a factor.

5 CONSEQUENCES FOR STABILITY

Calculation methods for the stability of the tunnel
face normally do not take into account the influence
of excess pore pressure on the stability. It is gener-
ally assumed that the pressure at the tunnel face is
directly applied to the grains, which means that impli-
citly a perfect plastering is assumed. Using the wedge
shape failure mechanism as suggested by Horn (1961),
Anagnostou & Kovári (1994) and Jancsecz & Steiner
(1994), the influence of the excess pore water can be
explained, see Figure 5. The figure shows a 3 dimen-
sional plot of the failure surface and two 2 dimensional
cross-sections. In the left 2 dimensional cross-section
the situation as assumed in the various calculation
methods is presented, the cross-section at the right
presents the situation with excess pore pressures in
the sand. Stability is obtained because the tunnel face
pressure supports the triangle column ABCDEF.

It is clear that this support is less effective in the
situation with excess pore pressure. As indicated in
the figure, the net force to support the triangle is less.
On the other hand, the excess pore pressure will also
create a vertical gradient over the block CDEFGHIJ
resulting in a reduction of the force from this block on
the triangle.

To investigate the influence of the excess pore
pressure on the stability, the analytical calculation
methods as described by Anagnostou & Kovári (1994)
and Jancsecz & Steiner (1994) has been adapted by
Broere (2000) and as described in CUR/COB (2000).
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Figure 5. Sketch, influence of pore pressure on stability tunnel face. What is mentioned about the approach of Jancecz is
also valid for the other “wedge shaped solutions” mentioned in the text.

Both models showed comparable results, a signifi-
cant increase in the minimum allowable tunnel face
pressure to achieve a stable front.

These models are analytical models and therefore
it was necessary to simplify the problem to come to
a solution. To check these solutions it was decided to
run some calculations with the numerical model that
will be described in the next section.

6 NUMERICAL ANALYSIS

6.1 Element mesh

To determine the influence of excess pore pressures
on the stability of the tunnel face, a flow-stress analy-
sis was performed with the finite element program
DIANA. In this analysis, a potential flow problem is
solved and the resulting pressures are transferred to the
stress (deformation) analysis.To simplify the problem,
a homogeneous subsurface was assumed with a con-
crete tunnel.A 3D model was made with 3440 20-node
elements and a total of 16159 nodes, see Figure 6.

The modelled tunnel has a length of 45 m, an inside
diameter of 10 m and a wall thickness of 0.5 m. The
top of the tunnel lies 15 m below the surface. The total
length of the model is 90 m. In the stress analysis, the
tunnel wall is modelled linear elastically and the soil
with a Mohr-Coulomb model.The soil is assumed to be
fully saturated sand, so the water level is at the surface.

Figure 6. Element mesh used in the numerical calculations.

The calculation was made using effective stresses, so
the weight of the water is subtracted from the total
weight of the soil. The following parameters were used
for the sand:Young’s modulus 48.7 Mpa, poisson ratio
0.3, ρwet 2000 kg/m3, cohesion 1 kPa, friction angle
32.5◦ and angle of dilation 2.5◦.

6.2 Potential flow simulation

The bentonite slurry at the tunnel face has a slightly
higher density than water. In the flow calculations this
small difference is neglected, expressing the flow prob-
lem in excess pressures, the tunnel face pressure was
assumed to be constant. The calculation was made
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Figure 7. Calculated excess pressure in front of the tunnel
(numerical calculation and approximation, Equation (1)).

for 1kPa pressure on the tunnel face. At all other
boundaries, the pressures are set zero except for the
symmetry plane and tunnel wall which are taken as
impermeable. The soil has a permeability of 10−4 m/s.
However, the potential flow is expressed in excess pore
pressures and therefore this value has to be divided by
the specific weight of water resulting in a permeability
of 10−8 m2/sPa. This value was used in the calcula-
tions. The numerical solution of the potential flow
problem in line with the tunnel axis and starting at
the bore face is presented in Figure 7 together with the
result of Equation 1.

6.3 Tunnel face stability calculations

The pressure field resulting from the potential flow
simulation is applied as a load in the deformation
analysis to determine stability of the tunnel face.There
are three load cases: weight, tunnel face pressure and
excess pore pressures resulting from the flow calcula-
tion. The flow calculation is a linear one, which means
that if a pressure of 2 kPa instead of 1kPa was applied
on the tunnel face, the solution is the same, except that
all pressures are twice as large.

This idea can be used in the stability calculation. In
the beginning a certain pressure is applied on the tunnel
face. Then, the excess pore pressures are multiplied
with a factor to input the correct pressures. During the
stability calculation, the pressure at the tunnel face is
lowered and the excess pore pressure loads are lowered
correspondingly until the tunnel face collapses.

In reality, if the bentonite slurry builds a filter cake
at the bore face, this will make the face less perme-
able. This aspect is difficult to model with elements,
but can be modelled in a different way. When a thin
filter cake is present, the pressure gradient is large
in this cake, causing a pressure drop over a relatively
small distance. Then if a pressure of 1 kPa is applied
on the tunnel face, the pressure just after the filter
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Figure 8. Horizontal displacement of the tunnel face as
a function of the applied pressure and the percentage of
pressure drop that occurs at the tunnel face.

Table 1. Results numerical calculations.

Pressure drop over cake Pressure (kPa)
(%)

1 24.5
10 18.0
100 (no flow) 5.0

cake is lower. To describe this, we introduced a fac-
tor (1 − α) with which the excess pore pressures are
multiplied. If α = 0 then there is no filter cake or pres-
sure drop, so the excess pore pressure is the same as
the applied pressure. If α = 1, the filter cake is fully
impermeable and all excess pore pressures are zero, so
in this case a standard stability calculation is modelled
with only weight and tunnel face pressure. We have
calculated three cases with 1%, 10% and 100% pres-
sure drop over the filter cake giving α = 0.01, α = 0.1
and α = 1 respectively. As calculation results, the hori-
zontal displacements of the bore face centre are shown
as a function of the applied pressure, see Figure 8.

From the figure it can be seen that the tunnel face
collapses at higher tunnel face pressures (is less stable)
for the case with the lowest pressure drop over the filter
cake, which has the highest excess pore pressures in the
sand. Collapse in a numerical model happens when the
stiffness matrix becomes singular and no equilibrium
can be obtained, depending on the element type this
can be different from collapse in reality, therefore a
collapse criterion was obtained from model tests. In
centrifuge tests the bore face collapsed at a deform-
ation of 0.7% of the tunnel diameter. In this case this
means 7 cm. The pressures for this stability criterion
presented inTable 1, which shows that stability is better
for lower excess pore pressures.

The trend found in the numerical calculations con-
firmed the results found in the analytical models.
However, the minimum allowable pressures, as found
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Figure 9. Geotechnical profile tunnel in polder.

with this numerical method are lower than according
to calculation methods as described by Broere (2000)
and in CUR/COB (200).

7 CONSEQUENCES FOR MAX. PRESSURE

The section above has dealt with the consequences
for the face stability at minimum pressure. However,
depending on the situation it is possible that the
excess pore pressure influence the maximum allow-
able drilling pressure. An example of such a situation
is discussed below.

In view of the excess pore pressures measured at
the 2nd Heinenoord tunnel it was decided to deter-
mine the possible risks of these excess pore pressures
for another Dutch tunnelling project. The hypoth-
esis that there might be a large risk involved arises
from the geohydrological conditions in this polder
area of Holland: relatively high piezometric lev-
els compared to a low surface level. Calculations
were made to check this in the design phase for a
large tunnel project (14.9 m diameter) crossing a
deep polder (Surface level = SL − 5 m; groundwater
head average = SL − 3.5 m, maximum = SL − 3 m).
The depth of the tunnel is shown in Figure 9. In the
normal situation the weight of the (semi)confining top
soil layer, consisting of only 7 m of peat and soft clay,
just equals the upward forces from the groundwater
underneath. A surplus of water pressure can disturb
this vulnerable equilibrium state (bursting of the top
layer).

The minimum slurry pressures, which are needed
for a stable tunnel face during drilling were for this sit-
uation calculated using the analytical model of Broere
(2000). As minimum excess pore pressure in front of
the cake a value of 28.3 kPa was determined (2.83 m
surplus water head).
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Figure 10. Calculated pressure build up when drilling starts.

The slurry pressure can only be transmitted to the
groundwater in the period that the slurry cake is cut
from the soil face by the rotating cutting wheel of the
TBM. As argued before, there will be no cake for-
mation during drilling and drilling of one ring takes
between 0.5 and 1.5 hours. However, the water pres-
sure will not adopt directly to the slurry pressure during
drilling due to the time dependent damping effect in
the groundwater aquifer caused by the elastic stor-
age capacity. The groundwater effects just below the
(semi)confining top were calculated with the finite
difference groundwater program MODFLOW. The
10*5 km2 axial symmetrical model was multilayered
(13 anisotropic model layers for the aquifer) and the
input was: flow resistance top aquifer c = 10000 days,
total transmissivity aquifer kD = 1600 m2/day, storage
capacity S = 1.10−3[-], anisotropy factor kh/kv = 3.

The calculated surplus water pressure depended on
the duration of the drilling period as shown in Fig-
ure 10. The calculated extra water head below the
confining layer is 1.05 m. The calculation results led
to the conclusion that the stated hypothesis concerning
bursting risk is true. Measures to overcome problems,
e.g. by monitoring and adaptation of the drilling proce-
dure or even hydrological solutions must be considered
in this situation.

8 CONCLUSIONS

It is shown that the measured excess pore water pres-
sures in front of the tunnel face are mainly caused by
the groundwater flow conditions and hardly by the
slurry properties. During stand still plastering occurs.
The formulation for this plastering, presented in this
paper, presents reasonable results, but needs the imput
of plastering experiments. The excess pore pressures
during drilling have consequences for as well the min-
imum and maximum pressures that can be allowed at
the tunnel face.
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The influence of soil permeability on the properties of a foam
mixture in a TBM

A. Bezuijen
GeoDelft, Delft, The Netherlands

ABSTRACT: The penetration velocity of foam into the soil at the front face of an EPB TBM is investigated. It is
shown that groundwater flow determines this penetration velocity in saturated conditions and soil permeabilities
of around 10−4 m/s or less. An approximate method to calculate the excess pore pressure and hydraulic gradient
in the soil in front of the tunnel is presented. The results of this method are compared with field measurements.
It appears that the difference between a slurry shield and an EPB shield is only small. It is further shown that the
groundwater flow can also have a dominating influence on the moisture content in the muck. This can mean that
only a limited reduction of permeability in the mixing chamber is possible. Furthermore the calculations show
that in some cases only a limited pressure drop will be present over the front face, which has consequences for
the way the stability of the front face is calculated.

1 INTRODUCTION

Foam is often used in an EPB (Earth Pressure Bal-
anced) TBM (Tunnel Boring Machine) to improve soil
conditions for boring of a tunnel, especially in granular
material. The foam increases the porosity between the
grains, reduces the permeability and increases com-
pressibility. The amount of foam to be added is based
on experience or trial and error when no experience is
available. The mixture can be ‘too wet’ or ‘too dry’ in
the eyes of the experts.

Field measurements (Joustra, 2002) and model
experiments (Bezuijen 2000) have shown that ‘too wet’
or ‘too dry’in a saturated sand does not only depend on
the foam properties, the foam injection ratio (FIR) and
foam expansion ratio (FER), but also depends on the
interaction between foam and groundwater. In perme-
able sand the excess pressure in the foam with respect
to the pore water will cause a groundwater flow from
the tunnel face. As a result the foam will replace the
pore water and the mixture in the mixing chamber
will be relatively dry. In less permeable conditions the
foam will not be able to replace the pore water and
the mixture will be wet and much less foam will be
needed to increase the porosity of the sand compared
to permeable conditions.

The paper deals with the interaction between foam,
grains and groundwater in granular material. Some
functions of the foam when drilling granular mate-
rial will be dealt with briefly. The paper concentrates
on the interaction with ground water flow. The flow

equation is derived for a simplified situation. This
equation is used to estimate the flow velocity in front
of the tunnel face and the penetration of foam in the
soil. Consequences are discussed.

2 THEORY

2.1 Functions of foam

The main functions of foam were already mentioned
in the introduction:

– Increasing the porosity between the grains. Meas-
urements showed that the porosity is increased to
values higher than the maximum porosity (Joustra,
2002). This leads to negligible grain stresses
between the grains and reduces the torque necessary
to turn around the rotor through the sand-water-
foam mixture.

– Reduction of the permeability. A large permeabil-
ity can lead to a water flow in the soil-water-foam
mixture resulting in differences in porosity over the
mixing chamber with the possibility of liquefaction.

– Increasing of the compressibility. During boring
with a TBM the front face pressure has to be more
or less constant, to avoid instability in the soil. This
is controlled by controlling the soil removal through
the screw conveyer in a EPB shield. A compressible
mixture in the mixing chamber will allow for dif-
ference in soil removal without large fluctuations in
the pressure.
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Figure 1. Permeabilities measured in a foam mixture com-
pared with the Blake-Kozeny equation assuming that the
foam only reduces the porosity. Figure modified from
Kleinjan & Hannink (1999). F is the volume of air.

A consequence of the first function is that the excess
pressure in the mixing chamber is a pore pressure.This
will cause a groundwater flow from the tunnel face into
the soil. The permeability of the mixture and or the
flow properties of the subsoil determine the amount of
water that flows into the tunnel face.

2.2 Groundwater flow

Permeability of the mixture
Only the air content determines the relative permea-
bility of the mixture, compared to the permeability
of the same mixture but without air. The properties
of the foam have no influence and therefore theory
for unsaturated flow can be used (Zhou & Rossen,
1995). However, for relatively high water contents in
medium coarse sand an even simpler approach is possi-
ble. Experiments showed (Kleinjan & Hannink, 1997)
that for relatively high water contents the permeabil-
ity of a sand-water-foam mixture can be estimated
assuming that the foam leads to bubbles with diame-
ters of the same order as the mean diameter of the sand.
Measurements were fitted with the Blake-Kozeny
equation:

Where k is the permeability, ρ the density of the water,
g the acceleration of gravity, µ the dynamic viscosity,
Dp the mean grain size (approx. D15) and n the porosity.

Figure 1 shows that there is reasonable agreement
between the measurements and the calculated values
of the permeability for ‘porosities’ higher than 0.24.
Porosities is between quotes because to perform the
calculation it is assumed that foam is stable between

Table 1. Calculated permeabilities of a foam mixture where
the porosity of the sand is increased from 0.4 to 0.55 by
drilling and foam injection using foam with a FER of 10.

Permeability
Perc. Modified
replacement (−) porosity (−) Fitted (m/s) Theory (m/s)

0 0.3 2.9 × 10−5 1.7 × 10−5

10 0.27 2.1 × 10−5 1.1 × 10−5

20 0.24 1.6 × 10−5 7.2 × 10−6

50 0.15 6.2 × 10−6 1.4 × 10−6

90 0.03 1.8 × 10−6 8.6 × 10−9

the grains and that the porosity is not the usual porosity
of the grains only but the porosity of the sand-foam
mixture (thus the foam decreases the porosity of that
mixture). Agreement is less at low porosities, because
such low porosities can only be reached which a lot of
foam. The foam bubbles will deviate from the sphere
and Equation (1) is not valid for such low porosities.
Results as presented in Figure 1 can be used to calcu-
late the amount of replacement of the pore water by the
foam necessary to have a real reduction of the perme-
ability at the front face. A reasonable porosity increase
of the sand grains themselves during drilling is from
0.4 to 0.55. This increase will lead to a decrease of the
modified porosity (of grains and bubbles).The amount
of this decrease depends on the amount of pore water
that is replaced by the foam. The values found, using
the volume balance, are shown in Table 1.

The results show that according to the measure-
ments the sand water foam mixture will always have
a certain permeability. A significant reduction of the
permeability is only possible when a significant part
of the pore water is replaced by foam.

Flow in front of the tunnel
The groundwater flow in front of a TBM will be deter-
mined by the soil layering, the depth of the tunnel and
the properties of the mixture in the mixing chamber.
For a particular situation this 3-dimensional flow prob-
lem can be solved in detail only numerically. To get
an idea about the flow properties some approxima-
tions were used. A tunnel is located in a homogeneous
granular soil deep below the soil surface. The flow
from the mixing chamber into the soil is evenly dis-
tributed over the front face. Furthermore quasi-static
conditions are assumed.

With these assumptions the flow problem can be
schemed as shown in Figure 2.

Starting point of the calculation is the increase in
piezometric head caused by a point source on the sur-
face of a half space. A half space because only the
flow in the soil in front of the tunnel face is taken into
account.
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Figure 2. Sketch of tunnel face for flow computation.

The distribution of the piezometric head for such a
situation can be written as:

With, φ the increase in piezometric head, Q the dis-
charge of the point source, k the permeability of soil
in the half space and s the distance between the point
source and the point where the piezometric head is
measured. For an uniformly distributed load as at the
tunnel face the increase in piezometric head for one
small area as indicated in Figure 2 can be written as:

with q the specific discharge. For a point A in front
of the tunnel on the axis of the tunnel, all points on
the circle indicated in Figure 2, will have the same
contribution to the piezometric head.

Integration over the circumference of the circle
leads to:

Integration over all circles from r = 0 to r = R and
using: s = √

x2 + r2 leads to:

If the discharge is not known, but the piezometric head
is known at the surface of the half space where the
tunnel is located, the tunnel face, the equation can be
written as:

With φ0 the piezometric head in the sand just in front
of the tunnel face.

In this situation the piezometric head in the soil
in front of the tunnel is only a function of the dis-
tance from the tunnel and the piezometric head just in
front of the tunnel face, but does not depend on the
permeability of the soil.

Rewriting Equation (5) to Equation (6) can be done
because it was assumed beforehand that there was a
uniform flow at the tunnel face. This assumption is not
true in case of a constant piezometric head, but is used
here as an approximation. Numerical calculations and
measurements for a slurry shield have shown that it
is a reasonable approximation (Bezuijen et al, 2001).
Using numerical calculations It was shown that the
approximation is reasonable for the piezometric head
along the tunnel axis for C/D values of 1 or larger,
where C is the cover of the tunnel and D the diameter.

The amount of penetration of the foam or slurry
in front of the tunnel depends on the flow velocity at
the tunnel face. Foam can only penetrate when the pore
water is removed.The gradient in the pore water can be
calculated from Equation (6). Differentiation results in
the gradient at the tunnel face for a given excess pore
pressure. At the tunnel face (x = 0) this leads to the
equation:

with i the hydraulic gradient. The pore water velocity
(vp) in front of the tunnel can be written as:

where k is the permeability of the sand and n the
porosity.

This last equation also gives the velocity, which
with foam can penetrate in front of the tunnel dur-
ing drilling. If this velocity is larger than the drilling
velocity, all pore water will be replaced by foam and
the muck will be relatively dry. However, if this vel-
ocity is smaller than the drilling velocity there will
always remain pore water in the soil that is excavated
from the tunnel face and the foam will be relatively
wet. Another consequence is that less foam is neces-
sary, because some of the pore water is not replaced
by foam.

Another way to describe the flow in front of a
tunnel face was presented by Hoefsloot (2001) and
Broere (2001). They used equations for unsteady flow
in a semi-confined aquifer to calculate the pore pres-
sure distribution. This is not followed here because
not all soil layer distributions can be schemed to a
semi-confined aquifer and the difference between both
methods is limited close to the tunnel face, which
is the situation most of interest for this paper. It is
assumed here that it is more important to incorporate
the 3-dimensional flow than the non-stationary flow,
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Figure 3. Measured excess pore pressure in front of a slurry
shield and approximation (2nd Heinenoord Tunnel).
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Figure 4. Measured excess pore pressure in front of an EPB
shield (•) and approximation (Botlek Rail Tunnel, MQ 1
South). Relatively impermeable subsoil (measurement data
from Hoefsloot, 2001).

although this assumption has to be proved by fur-
ther measurements. However, it should be taken into
account that the gradient can be less than calculated
here in case a tunnel is located in a thin semi-confined
aquifer with a long leakage length.

3 MEASUREMENTS

Although only an approximation, the formula derived
in this paper fitted quite well with measurements per-
formed in front of a TBM at the 2nd Heinenoord
Tunnel, see Figure 3, where a slurry shield was used.
It also fitted well with one of measurement locations
during drilling of the Botlek Rail Tunnel where an
EPB shield was used, see Figure 4. At another loca-
tion on the Botlek Rail Tunnel track, the calculated
pressures further from the front face were too low, Fig-
ure 5. Here a semi-confined aquifer was present with a

0

2

4

6

8

10

12

14

16

0 10 20 30 40
distance from tunnel face (m)

ex
ce

ss
 p

or
e 

pr
es

su
re

 (
kP

a) 1+(x/R)2 �x/R)φ= φ0(

Figure 5. Measured excess pore pressure in front of an EPB
shield (• pore pressure gauge 1, ◦ pore pressure gauge 2) and
approximation (Botlek Rail Tunnel, MQ4 South). Relatively
permeable subsoil (measurement data from Hoefsloot, 2001).

leakage length, estimated by Hoefsloot (2001), of
707 m and this influences the results.

Only point measurements of maximum excess pore
pressure are presented for the Botlek Rail tunnel
because the measured excess pore water pressure has
to be corrected for the tide.

The figures for the Botlek used the data as presented
by Hoefsloot (2001). It should be noted that the excess
pressures are rather low in Figure 5. It is also poss-
ible that a small error in the determination of the tidal
pressures causes the deviation.

4 CONSEQUENCES

4.1 Wet and dry foam

Starting with the pressure in the mixing chamber there
can be a pressure drop at the tunnel face due to cake
forming when a slurry shield is used or by penetration
of foam in case of a EPB shield. Bezuijen (2001) elab-
orates the penetration of bentonite in case of a slurry
shield. Here it is concentrated on a EPB shield. The
maximum gradient in the soil in front of the tunnel
face occurs when φ0 is equal to the average pressure
in the mixing chamber. For such a situation the pore
water velocity is given with Equation (8) with φ0 equal
to the pressure in the working chamber. This equation
predicts at what velocity the pore water is expelled, but
it also presents the velocity that the foam can pene-
trate into the soil in front of the tunnel face. If the
drilling velocity is higher than the penetration velocity
of the foam, then pore water will partly remain in the
excavated soil. If the drilling velocity is lower, then
the foam will replace the pore water, or the foam is
stopped by the granular material causing a pressure
drop over the tunnel face.
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One of the functions of foam is to increase the
porosity between the grains, which enables the grains
to move with respect to each other. Due to the pos-
sibility to expel pore water the increase of porosity
is not only determined by the FIR (Foam Injection
Ratio, defined as the volume of foam divided by the
in situ volume of foam on which that foam volume
is injected). It also depends on the drilling speed, the
radius of the tunnel, the permeability of the soil and
the excess pressure in the mixing chamber. Using the
definitions for the porosity and the FIR and equation
(3) and assuming homogeneous conditions, thus no
segregation of the soil-water-foam mixture, it can be
derived:

Where nm is the porosity of the grains in the mixing
chamber and n the in situ porosity in the soil. In the
derivation it is assumed that n − kφ0/(Rvd ) > 0.

It is clear that for a constant φ0 and FIR nm can
change as drilling velocity or permeability of the soil
change. To keep the porosity constant it is neces-
sary to increase the FIR when the drilling speed is
decreased or a sand layer with a higher permeability
is encountered.

Pore water that is not replaced by foam during the
drilling will remain in the mixture and will result in a
‘wetter’ foam in the muck than originally injected. The
amount of water in the foam is defined with the FER
(Foam Expansion Ratio, defined as the total foam vol-
ume divided by the water volume in the foam). Again
using Equation (8) and the definitions of the FER, the
porosity and the FIR it is possible to calculate the FER
in a muck (FERs, with ‘foam water’ and the remaining
pore water):

Where the FER is the Foam Expansion Ratio of the
injected foam.

In the case of a low permeability soil and a rel-
atively high FER of the original foam it is possible
that the resulting FERs is completely independent for
the original FER. For kφ0/(nRvb)<<1 and n.FER/FIR
>>1 the equation reduces to:

For this situation ‘dryer foam’ will not help if the
resulting muck looks ‘too wet’. It is only possible to

increase the FIR (but this will also increase the poros-
ity in the muck and reduce the friction in the screw
conveyer) or to reduce drilling speed to replace more
pore water in front of the tunnel face. As mentioned in
Section 2.2 such ‘wet’ muck will also have a relatively
large permeability and therefore it can be unstable.

4.2 Pressure drop at the tunnel face

The name of the drilling method (earth pressure bal-
ance shield) suggests that the shield controls the earth
pressure. This earth pressure is not a very well defined
term in soil mechanics. Soil mechanics defines total
stresses, pore water pressures and effective stresses.
Earth pressures most likely corresponds with the total
stresses. However, as was mentioned before, using
foam will result in a porosity in the mixing chamber
that is higher than the maximum porosity and thus the
effective stress in the mixing chamber will be zero.
This means that a change in pressure in the mixing
chamber will be a change of pore pressure. During the
drilling through fine sand at the measurement loca-
tion MQ 1, of which Figure 4 shows results, the pore
pressure present in the mixing chamber is equal to
the pore pressure in the soil just in front of the tun-
nel. For that situation the stability of the tunnel face is
not determined by controlling the total pressure but by
controlling only the pore pressure in the soil. In such a
situation the stability of the front face with respect to
the minimum allowable pressure has to be calculated
taking into account the influence of the excess pore
pressure and using methods as described by Broere
(2001) and Bezuijen et al (2001). The situation is very
much comparable to a slurry shield. With respect to
the stability of the soil at the tunnel face there is no
difference. As mentioned in Bezuijen et al (2001) dur-
ing drilling with a slurry shield in fine sand, it was
also found that there was hardly a pressure drop over
the front face of the tunnel during drilling and that
plastering only occurred during stand still.

In the coarse sand that was encountered in meas-
urement location MQ 4 an excess pore pressure in
the mixing chamber of approx. 60 kPa was applied
(Joustra, 2002). It appears from Figure 5 that in this
case only 1.5 m water corresponding with an excess
pore water pressure of approximately 15 kPa was
found in the soil in front of the tunnel, which means
that in this case there is a considerable pressure drop
at the tunnel face.

The reason for the difference in behaviour for these
2 locations is the difference in permeability and due to
that the difference in penetration velocity of the foam,
see Table 2.

In MQ 1 the groundwater flow limited the penetra-
tion of the foam into the soil. In MQ 4 this is much
less the case.

Maidl (1995) and Quebaud et al (1998) have
reported experiments where foam penetrated into sand
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Table 2. Parameters for the 2 measurement locations.

Parameter MQ 1 MQ 4

Permeability (m/s) 5.8 × 10−6 3.0 × 10−4

Porosity soil (−) 0.4 0.38
Excess pressure front (kPa) 180 60
vp, Equation (8) (m/s) 3.3 × 10−5 9.9 × 10−4

Drilling velocity (m/s) 7.5 × 10−4 6.6 × 10−4

Perc. penetration in front (%) 4.4 100

using a high pressure gradient over the foam and sand.
In these experiments the foam penetrated fast for 30 to
60 mm (depending on the type of sand), but the pene-
tration slowed down afterwards. This means that some
penetration in the sand is necessary before a pressure
drop can be maintained over the foam. Due to the lim-
ited penetration such a pressure drop was not possible
at location MQ 1. In MQ 4 the penetration velocity of
the foam was just a bit higher than the drilling vel-
ocity and therefore it was possible to maintain a
pressure drop over the front face.

5 MUCK SAMPLES

An additional way to validate the theory developed
would be to extract muck samples from the mix-
ing chamber in a tunnel project. This was done for
the Botlek Rail tunnel. Results were summarised by
Joustra (2002) and Rodenhuis (2002). However, it
appeared from their results that reality is more complex
than theory. In a real tunnelling situation the drilling
speed is not constant, the excess pressure varies, the
FIR varies, the mixture is not homogeneous over the
mixing chamber and sometimes air escaped during
tunnelling. Therefore it is not possible to make a
general comparison between measurements and cal-
culations. No samples were taken for MQ1. Samples
taken for MQ4 (10 samples for 2 tubes) showed an
average density of 1600 kg/m3, larger than would be
expected if all pore water was expelled by the foam
(1410 kg/m3 for foam with an expansion ratio of 10).
However, Joustra (2002) also showed that the mixing
chamber was not filled homogeneously. From pressure
measurements in the mixing chamber it is reasonable
to assume that air was concentrated in the top of that
chamber. Since this air has to come from the mixture
the density of the samples taken at the height of the axis
of the TBM will have a higher density. It was reported
that at another location a sample taken at the axis of
the TBM contained only air.

These results showed that a homogeneously filled
mixing chamber is not always a present during drilling.
Further research would be necessary to determine
for what conditions a homogeneous muck could be
expected.

6 CONCLUSIONS

The research presented here led to the following
conclusions:

1. Excess pore pressures, as measured in front of an
EPB shield tunnel, can be described in the same
way as for a slurry shield.

2. The penetration of foam into the soil in front of the
TBM is, in case of soils with a low permeability,
determined by the groundwater flow and not by the
properties of the foam.

3. Due to the limited penetration of the foam in soils
with a low permeability, there will be hardly a pres-
sure drop at the tunnel face and the pressure in the
working chamber will result in a comparable pore
pressure in the soil just in front of the tunnel. Due
to this the effective stress just in front of the tunnel
will be small in such cases. This should be taken
into account in calculations for the stability of the
front face.

4. In case of a limited penetration of foam the possi-
bilities to influence the properties of the mixture, as
the permeability, are restricted. The water content
of the mixture is to a large extent determined by the
pore water present in the sample and much less by
the foam properties.
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ABSTRACT: Measurements are presented that were performed in the pressure chamber and screw conveyor
of an EPB TBM. The TBM operated in saturated sand with a high water table. Foam was applied for soil
conditioning. Different from a slurry shield there was no direct relation between vertical the pressure gradient
and the density of the muck in the pressure chamber. The pressure measurements differ considerably for different
rings. The density and saturation of the mixture was measured by taking samples from the pressure chamber
during excavation. Densities found indicate a porosity just higher than the maximum porosity of the sand. A
pressure drop of approximately 1 bar was found when the muck passes from the pressure chamber to the screw
conveyor. Explanations are presented in the paper.

1 INTRODUCTION

The Botlek Rail Tunnel was the second bored tunnel in
The Netherlands and the first one that was completed
using an EPB shield. A considerable part of the tunnel
was bored through Pleistocene sand under a high water
table, see Figure 1. The water table was up to 23 m
above the tunnel axis. Foam was used to stabilize the
tunnel face.

The support pressure acting at the tunnel face can be
seen as a combination of an absolute pressure and the
vertical pressure gradient. In an EPB shield, the aver-
age pressure is controlled by the screw conveyer and
valves; the vertical pressure gradient is determined by
a combination of the excavation process and material
properties and cannot be controlled. Yet this gradient

Figure 1. Geotechnical profile. The numbers indicate the
approximate positions of evaluated rings, see further text.

is of importance because it determines the pressure
at the crown of the tunnel for a given pressure at the
axis.The pressure gradient at the tunnel face of a slurry
shield is determined by density of the slurry at the tun-
nel face. For an EPB-shield there appear to be more
mechanisms determining the gradient.

The paper deals with the pressure gradients meas-
ured, the densities and saturation of the mixture
samples taken, the pressure drop in the muck at the
transition between pressure camber and the screw
conveyor and presents possible explanations.

2 MEASUREMENTS

2.1 Density measurements

A sampling device was developed in order to deter-
mine the exact composition of the muck inside the
excavation chamber. This device simply consisted of a
piece of pipe with some valves directly attached to the
pressure bulkhead. By carefully opening the valves,
some muck was allowed to flow out from the pressured
excavation chamber through the sampling device. By
subsequently closing the valves an exactly known vol-
ume of muck was extracted, which would be analysed
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Figure 2. Measured sand, water and air fractions by sam-
pling through the pressure bulkhead.

in a laboratory. In this way, the porosity and water
content of the mixture could be determined and could
be converted tot the relative volumes of the different
phases of the muck (solid, liquid and gas) as shown in
Figure 2.

A total of more than 20 samples of muck have been
extracted from the centre of the excavation chamber
at 6 different locations along the tunnel alignment.
Although muck with a relatively high consistency
proved problematic to collect because of its inability
to flow easily, samples taken in a short time span were
very comparable.

The results show that all samples have a sand frac-
tion that is lower than the minimum fraction to develop
grain stresses in the sand. For some samples however,
the density is close to the density were grain stresses
can be expected.

2.2 Pressure measurements

2.2.1 Instrumentation in pressure chamber
The total pressure was measured at the bulkhead at 9
locations and the pore water pressure at 3, see Figure 3.
The pore pressure gauges could be cleaned by a small
water jet to avoid blocking of the filter.The status of the
boring process was monitored as well as the amount
of injected foam.

2.2.2 Pressures and vertical gradients
Pressures were measured during excavation of the
Botlek Rail Tunnel at various locations at the pressure
bulkhead; see for an example Figure 4. The aver-
age vertical pressure gradients determined from these
pressures are shown in the upper plot of Figure 4. (All
figures with measurements present the ring number in
the caption that was drilled during the measurement.
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Figure 4. Ring 318 N. Pressures measured at the bulkhead,
status of the TBM and the gradient determined from the pres-
sures. Only a part of the pressure readings is shown, but all
readings (E1 – E9) are used to calculate the gradient.

S is the south tunnel, N the north, location of the rings
is shown in Figure 1). It shows that the gradient can be
high during excavation but decreases when excavation
stops (shown with the status, 2 means excavation, all
other values mean stand still, see Table 1). The values
measured for the vertical gradient can be put in per-
spective realizing that the gradient of the total vertical
pressure in the not yet excavated soil is approximately
20 kPa/m, the density of the foam-water-soil mixture
is approximately 13 kPa/m and the pore pressure has
a gradient of 10 kPa/m. The measurements show that
the measured gradients can be higher than 20 kPa/m,
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Table 1. Meaning of the status bit (Figure 4,
lower part).

Status Meaning

1 Temporary stop during excavation
2 Excavation
3 End of excavation phase
4 Start of ring building phase
5 Actual ring erection
6 Pause after ring erection
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Figure 5. Ring 318 N. Pressure distributions along the
gauges E1 until E5 for various times. Up to 12:30:01 the
TBM is drilling, later times represent pressures during ring
building.

but also lower than 10 kPa/m. The vertical pressure
gradient decreases during ring building. The vertical
pressure gradient determines, together with the aver-
age pressure, how well the TBM can counterbalance
the in-situ soil stress, which is of importance to limit
soil deformations.

Another way to present the pressure measurements
for the same ring is shown in Figure 5. It shows the
pressures from gauges E1 until E5 for different time
steps. It can be seen that there is a more or less lin-
ear pressure increase with depth apart from the lowest
measurement position (E5) with various gradients.The
pressure decreases at the position of E5, because this
gauge is close to the screw conveyer, where the mixture
is removed from the pressure chamber.
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Figure 6. Ring 318 N. Total pressures and pore pressures
compared.

2.2.3 Effective stress
Pore pressure gauges were installed near some total
pressure gauges, see Figure 3, to determine the
effective stress in the soil water foam mixture. Results
of both total pressure gauges and pore pressure gauges
are shown in Figure 6. It is clear that both pressures
are comparable, which means that the effective stress
in the mixture is negligible. W3 did not function and
therefore could not be compared with E5.

Figure 6 shows the pressures measured for only one
ring. The conclusion that there is hardly any effective
stress in the mixture is a more general one for this
boring (Joustra, 2002). Although there are some indi-
cations, that there is an effective stress near transducers
E4 and E6 during the excavation of some rings, for
example the large pressure variations measured during
excavation between 12:00 and 13:00 (Figure 4) (see
also Bezuijen et al. 2005). The conclusion that there
is hardly any effective stress is also confirmed by the
density measurements performed. It was found that
in most cases the porosity of the samples was above
the maximum porosity (see Section 2.1). A porosity
lower than the maximum porosity is necessary to have
a grain skeleton and effective stresses.

2.2.4 Pressures near the screw conveyor
The muck was removed from the pressure chamber
by a screw conveyer. The screw conveyer was 15 m
long from the entrance to the valve controlled outlet
and made an angle of 23 degrees with the horizon-
tal. The pressures were measured at 3 locations in
the conveyor. Positions of the pressure gauges in the
screw conveyor together with the vertical position
of the pressure gauges in the bulkhead are shown
in Figure 7. Results of measurements are shown in
Figure 8 and Figure 9. The TBM excavates at the
left side of these plots, where the pressures are fluc-
tuating and there is no excavation at the right side
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Figure 7. Position of pressure gauges on bulkhead and in
the screw conveyor.
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Figure 8. Ring 318 N, pressures in the pressure chamber
(PC) screw conveyer (S).
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Figure 9. Ring 814 S pressures in the pressure chamber
(PC) screw conveyer (S).

with the smoother pressure lines. PC E5 is the pres-
sure in the pressure chamber at E5, see Figure 3. The
other pressures are measured in the screw conveyer
at respectively 2.5, 5 and 11.5 m from the entrance.
These plots show two extremes that were found in the
measurements:

– Ring 318 N: A considerable pressure drop between
the pressure in the pressure chamber (PC E5) and
the pressures in the screw conveyer. The pressure
difference even increases during stand still.

– Ring 814 S: Only a small pressure drop that
decreases during stand still.

In some other rings, where the pressures in the screw
conveyor were checked, the pressure during and after
excavation remained more or less constant. The high
pressure drop measured at Ring 318 N between the
entrance of the screw conveyor and in the screw
conveyor itself indicates that there are grain stresses
present in the muck close to the entrance. These grain
stresses can cause arching in the pressure chamber.The
influence of arching increases when excavation stops.

The situation of Ring 813 S occurs when there is
limited or no arching in the pressure chamber. When
that is the case the flow resistance in the screw con-
veyor decreases when the flow decreases after the
end of excavation for that ring. Pressure can only be
maintained by closing the valve on top of the conveyer.

Soil conditions were not very different for both situ-
ations (mostly sand), but more air was present in the
samples taken close to Ring 318 N, compared with
Ring 813 S.

3 DISCUSSION

3.1 Vertical gradient

The vertical gradient found in the pressure chamber
of a slurry shield TBM is equal to the gradient that
corresponds with the density of the slurry (Bakker
et al., 2003). In the predictions made for these meas-
urements it was assumed that this was also the case
for an EPB shield. However, this is not found for this
tunnel. Pressure gradients varied during drilling and
this variation was much larger than can be expected
from variations in densities. Measured vertical gradi-
ents were sometimes larger than 20 kPa/m. Assuming
that such a gradient is a good indication for the density
would mean that there would be rather dense saturated
sand in the pressure chamber, which is quite unlikely.

From the results it is concluded that also the yield
stress of the soil has an influence on the pressure gra-
dient. This can also be seen from the pressure drop that
is present at E5 compared to the pressures E4 and E6,
see Figure 5 and Figure 10. At the lower end of the
tunnel, the screw conveyer removes the mixture from
the pressure chamber. This leads to a pressure drop
due to the yield strength of this mixture.

Assume a layer of sand-water-foam mixture between
the cutter head and the pressure bulkhead of the pres-
sure chamber at L metre apart. The adhesion between
the cutter head or the pressure bulkhead and the mix-
ture is τa and the density of the mixture is ρm. In
case of vertical flow, equilibrium of forces leads to
the following equation:
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Figure 10. Ring 813 S. Distribution of pressures when the
cutter head is rotating to the left (negative values) at 0:26:02
and to the right at 0:40:03.

Depending on the flow direction the pressure gradient
can be 2τa/L higher or lower than the pressure gradient
corresponding to the density of the mixture. In case of a
flow with a horizontal component as can be expected
in the pressure chamber between E6 and E5 as well
as between E4 and E5, the influence of the adhesion
becomes even bigger.

There is no direct field data on the shear strength of
the mixture in the pressure chamber, but from meas-
urements in the laboratory it was found that this shear
strength is one to a few kPa. This means that with
an average density of the mixture of approximately
1500 kg/m3, the pressure gradient can vary as was
measured depending on the direction of the flow.
Lower values of the shear stress of 0.2 to 0.6 kPa were
found from back calculation of the performance of the
screw conveyer (Talmon & Bezuijen 2002). However,
these values are likely to be lower than in the pres-
sure chamber due to the pressure relief in the screw
conveyer that leads to a higher porosity.

From a physical point of view the concept of
adhesion as described here is probably too simple.
Adhesion on flat iron surfaces can be less and the
roughness, combined with the cohesion results in an
apparent adhesion. However, also this apparent adhe-
sion will result in the pressure gradient variations
described here.

The vertical pressure gradient decreases after the
actual excavation, during ring building. Foam injec-
tions executed during ring building are necessary to
keep a stable boring face, but also lead to a decrease in

the average density of the mixture. The pressure loss
is caused by ground water flow from the tunnel face
to the ground water, a process driven by the excess
pore pressure in the chamber (see also Bezuijen &
Schaminée, 2001 and Bezuijen, 2002). The water that
flows out is compensated with foam that contains only
about 10% water and 90% air.

Consequence of the relatively low measured ver-
tical gradient during most of the excavation cycle,
compared to the gradient that corresponds with the
density of the soil, is that the pressure gradient is lower
than the soil pressure gradient. It is sometimes men-
tioned as an advantage of the EPB shield that there is
a better ‘match’ with the pressure gradient in the soil
when compared with a slurry shield. For the ground
conditions encountered here this was not the case. The
relatively high permeability sand (k is 5.8 10−6 m/s
when Ring 318 N was drilled and 3.10−4 m/s during
excavation of Ring 813 S) leads to expelling of water
from the mixture. This reduces the density of the mix-
ture. Together with the influence of the yield stress that
leads to a further reduction of the vertical gradient the
reduced density results in pressure gradients that are
significantly lower than measured in a slurry shield
(Bakker et al. 2003).

3.2 Pressure drop screw conveyor

Before the entrance of the screw conveyor a pres-
sure drop of 1 bar or more was found for most of
the rings, see Figure 8. This pressure drop was not
expected. Given the strength of the muck, yield stress
of about 3 kPa at maximum, the theory of extrusion
of homogeneous plastic materials would apply, (Hill,
1986). For such conditions a pressure drop of about
dp = 5τy = 15 kPa is expected. An example of numer-
ical pressure calculations in the mixing chamber, based
on Bingham theory, is provided by Goeree 2001. The
calculations of Goeree result in a comparable pressure
drop as the extrusion theory.

A possible reason for the discrepancy is a thickening
of muck in front of the entrance of the screw con-
veyor. The existence of such a phenomenon can also
be the reason for difficulties encountered when sam-
pling muck from the lowest sampling position through
the pressure bulk head. Drained behaviour of the muck
can lead to grain stresses.

A theory for distinction between drained and
undrained behaviour was publicized by Winterwerp &
van Kesteren, 2004. When the time-scale of drainage is
shorter than the time-scale of deformation (= flow) of
the muck, then compaction can occur. The key param-
eter is the so-called Peclet number that is defined by:
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with: U the characteristic velocity [m/s], D the char-
acteristic length scale [m] and cv the consolidation
coefficient [m2/s].

The consolidation coefficient is defined by:

in which k is the permeability [m/s], ρ the fluid density
[kg/m3] and mv the compressibility [1/Pa].

At Peclect >10 the mixture displays undrained
behaviour, and no thickening is expected.At Peclet <1
the mixture displays drained behaviour, and thickening
might occur.

Measured permeablities of muck are in the range:
2 × 10−6 < k < 1 × 10−4 m/s (Bezuijen, 2002). The
air content in the muck determines its compressibil-
ity. At a porosity of n = 0.5 and a saturation of 0.5, the
compressibility, at 2 bar (1 bar above the atmospheric
pressure), is equated at: 1/mv = 800 kPa. As a result
the consolidation coefficient will be in a range of
2 × 10−4 < cv < 1 × 10−2 m2/s.

The characteristic length scale of the flow towards
the screw conveyor equals the diameter of the screw
conveyor D = 1 m. The characteristic velocity at the
entrance of the screw conveyor is:

with: DTBM the diameter of the tunnel and Dsc the
diameter of the screw conveyor.

As a result the Peclet number is within the range:
5.4 < Pe < 270.

It is concluded that muck properties are within the
transition between drained and undrained behaviour.
Only for the lowest permeabilities measured, the muck
presumably will behave undrained. Under such con-
ditions no segregation is expected to take place. The
pressure build up at the entrance of the screw conveyor
will disappear, flow control will be easier.

The theory described above showed that for these
high permeable sands drained behaviour cannot be
excluded. Such drained behaviour can lead to a
decrease of the water content in the muck and poros-
ity changes. Therefore it should be taken into account
when designing an EPB for highly permeable soils.
The theory is however, not more than partly the expla-
nation for the observed phenomena in Figure 8 and
Figure 9.As mentioned before, the soil conditions were
not very different for both locations; only the water
content was different.This would mean that at the loca-
tion with the highest water content, the compressibility
is lowest and the Peclet number is also lowest. Thus
drained behaviour would be expected. Yet most arch-
ing (a result from porosity loss that could be caused

by drained behaviour) is found in the Ring with the
highest air content in the muck, Ring 318 N.

The explanation is that soil is not a linear elastic
material. The compressibility as mentioned above is
only valid as long as the there are no effective stresses.
As soon as effective stresses occur (regardless whether
this is caused by water flow or air compression) the soil
will behave much stiffer, leading to a decrease of the
Peclet number, thus drained behaviour.

4 CONCLUSIONS

From the study described in this paper we came to the
following conclusions:

– While boring in sand with an EPB shield an impor-
tant function of the foam is to increase the porosity
of the sand to such a value that deformation is possi-
ble without or with only limited grain stresses. This
is different from boring in clay where the lubricating
is more important (Mair et al. 2003).

– The vertical pressure gradient is only to a certain
extend influenced by the density of the mixture.
Yield stress of the mixture also seems to have an
influence.

– The vertical pressure gradient can be lower for an
EPB using foam than for a slurry shield.

– Arching of sand before the entrance of the screw
conveyor can lead to a considerable pressure drop
before this entrance. This complicates the regula-
tion of the pressure in the pressure chamber by
means of the screw conveyor.
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ABSTRACT: In the Netherlands the Westerscheldetunnel will be constructed with two tunnel bore machines
and 26 connecting cross passages. The cross passages are built between the two main bored tunnels by using
artificial ground freezing. During the construction phase of the cross passages an extensive monitoring pro-
gram is carried out: (1) ground stress conditions and ground deformation and (2) deformation of the tunnel
constructions – by measuring temperatures, frost heave loads and deformation. Measurements are taken in three
different orientations: perpendicular, parallel and vertical to the cross passage with stress-monitoring stations
and extensometers. Significant differences have been observed in loads and deformations, which are explained
by different soil conditions. A significant variation in ground stresses has been monitored between the perpen-
dicular and parallel direction with respect to the orientation of the freezing tubes. All separate phases of the
construction activities of the cross passages (freezing, excavation, lining, thawing) are recognised clearly in
the data.

1 INTRODUCTION AND OBJECTIVES

For the construction of the Westerscheldetunnel in the
Netherlands 26 cross passages (or connections) are
built between two parallel bored tunnels with artificial
ground freezing (AGF) techniques (Hass et al., 2000).
Special in-situ measurements of stress and deform-
ation are carried out during the freezing period for
the first two cross passages (DV1 and DV2) in order
to evaluate the effects of the ground freezing tech-
nique. Due to the increase of volume of water to ice
with 9% and ice lens formation frost heave loads are
expected. The monitoring program includes measure-
ments of stress and deformation development in the
soil and the tunnel constructions.

The objectives of this study are (1) in-situ soil
monitoring during period of artificial soil freezing,
(2) evaluation of the frost heave loads to the tunnel due
to soil freezing and (3) increase of knowledge on use of
ground freezing techniques in soft soils for tunnelling.

2 WESTERSCHELDETUNNEL

2.1 Artificial ground freezing

The Westerscheldetunnel is located in the south-
western part of the Netherlands below the estuarine
river that connects to the port ofAntwerpen (Belgium).
In order to increase safety at the Westerscheldetunnel
the two lanes in each direction are designed as separate
tunnel tubes. These two parallel tunnel tubes are bored
with inner diameters of 10.10 m. The total length of
each bored tunnel tube is 6.6 km. To increase safety
in the tunnel two bored tubes are connected with 26
cross connections at every 250 m. The cross passages
are built from the inner side of the main tunnel tubes
by using artificial ground freezing in order to make
underground excavations possible. Artificial ground
freezing techniques are used for both sandy soils and
Boom clay because stiffness and permeability of all
soil units in the trajectory is not considered to be
sufficient for open excavation.
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Figure 1. Situation of the western tunnel tube with the con-
nection of frozen soil. The emergency door is opened after
evaluation of the (frozen) ground temperature.

2.2 Construction of cross passages

The 26 cross passages will be constructed in differ-
ent ground conditions. Nine cross passages are made
in sand, 11 in the stiff clay and 6 in mixed (sandy)
soils. The cross passage has an elliptical reinforced
concrete lining with an thickness of 400 mm, height of
2.75 m and width of 2.5 m. Outside these lining there
is temporary shotcrete of 300 mm thickness.

In the main tunnel tubes five specials rings have
been designed with a previously fixed and unchange-
able sequence. In the middle ring steel segments
replace two concrete segments. In these special
enlarged steel segment the safety doors to the cross
connection are constructed (Fig. 1). Twenty two freez-
ing pipes are bored through special watertight con-
nections in the specially prepared ring segments (Fig.
2). After closing the period of soil freezing (a mini-
mum thickness of 2 m frozen ground) the excavation
is started by the NATM-method. During the last phase
the concrete lining of the cross passage is built and the
freezing machine is stopped eventually for thawing the
soil. During the excavation period the emergency door
can be closed when a unsafe situation occurs.

2.3 Ground freezing machine

Ground freezing is performed as brine glaciation
(NaCl2) since a nitrogen glaciation in the tunnel
was excluded for safety reasons. A freezing unit was
developed for soil freezing at temperatures of the
freezing tubes at approx. −38◦C. This unit has a min.
ammonia content of approx. 80 kg for a performance
of 95 kW and numerous safety features. In a circular
pattern 22 freezing tubes are bored with a distance of
about 1.0 m to each other and parallel to the cross way
axis (Fig. 2).

The freezing tubes are connected to the main pipe by
means of a flexible pipe. The complete piping system
includes approx. 3 m3 brine. When starting the soil
freezing system, the brine temperature at every brine

body of  frozen
soil approx. 2m

outer lining = shotcrete (250 mm)
inner lining = concrete cast in-situ 

• = freezing tube

Figure 2. Cross section of a cross passage with the position
of freezing tubes, frozen soil body, shotcrete (outer lining)
and concrete cast in-situ (inner lining).

head on the starting side is measured in order to check
whether the freezing tube works properly and whether
the freezing capacity is distributed evenly.

2.4 Safety valve

The spatial and temporal development of the complete
freezing body was checked permanently. The freez-
ing body has a target thickness of >2.00 m which
was reached after approx. 26 days in sand at DV1 and
after approx. 46 days in clay at DV2. Two diagonally
arranged temperature monitoring devices controlled
the formation of the frozen soil body. In order to avoid
high pressure within the frozen body after closure of
the frozen body (cylindrical formed), a draining possi-
bility was installed near the axis of the cross passage.
With this draining system water pressure in the ice-
enclosed area was released in a controlled manner (an
increase of water pressure was measured in sandy soil
at DV1). In order to safeguard a water-tight connection
between ice body and the tubings, approx. 26 temper-
ature sensors, distributed in a plane, are distributed
in the western tube. With these sensors it was possi-
ble to monitor the ice connection by temperature of
the frozen soil. In addition, a 10 cm thick insulation
is installed at the interior side of the tunnel tube. This
insulation provided a faster connection of the ice body

52

Copyright 2006 by Taylor & Francis Group, LLC

  



Table 1. Geotechnical units at the cross passages DV1 and DV2.

Location Geotechnical unit Lithology Geological formation Age

Cross passage DV1 Z1 SAND Naaldwijk Formation Holocene
Cross passage DV2 BK1, BK2 CLAY, silty Rupel Formation (Boom clay) Oligocene

and warrants a longer remaining ice connection in case
of a failure of the freezing system.

3 SOIL CONDITIONS

3.1 Soil profile and geotechnical characteristics

Soil freezing was carried out at cross passages DV1
and DV2 in sand and clay (Table 1). Figure 3 gives a soil
profile based on several geological borings, cone pene-
tration tests and geophysical bore hole measurements.
Soils of three geotechnical units will be frozen for the
first two cross passages: Z1, BK1 and BK2. Boom clay
units (BK1 and BK2) dip slightly towards the north and
are covered with young coastal sands (Z1). Note the
large difference in plasticity and permeability between
soil types at DV1 and DV2 (Table 2). The top of the
Boom clay varies strongly due to erosion (Figure 3).
The axis off cross passage DV1 is at 17,5 m-NAP and
is constructed in loose sand of Holocene age (Z1 unit).
The axis of cross passage DV2 is located at a depth of
28,7 m-NAP and is constructed in over-consolidated
clay of Oligocene age (BK1 and BK2 unit). Both the
top of the BK2 unit and the Z1 unit are characterised
with a salt contents of 2000–13000 Cl− mg/l. At both
cross passages no significant ground water flow was
recognised.

3.2 Frost susceptibility

Accordingly international standards of ISSMFE frost
heave susceptibility of unit H1 (sand) is classified as
‘negligible’ and the overconsolidated clay of unit BK1
and BK2 as ‘medium to strong’ Frost heave suscepti-
bility is the tendency of the soil to expand during soil
freezing – due to the volumetrical expansion of water
to ice with 9% – and the growth of ice lenses. Note the
difference in BK1 and BK2 in clay contents.

3.3 Natural stress conditions

In-situ stress conditions of unfrozen soil have been
measured with stress monitoring stations and have
been compared with calculated theoretically soil
stresses (Table 3). Calculated stress conditions are
based on soil columns and volumetrical unit weights.
Measured and calculated horizontal stresses match
very well (Table 3). The measured vertical stresses

are significant lower than calculated values, probably
due to the installation procedure of the monitoring
equipment and remoulding of the soil.

4 GEOMECHANICAL BEHAVIOUR OF
FROZEN SOIL

In sand the water contents shall freeze almost instant-
aneously due to the high percentage of free water. Clay
shows a different behaviour in frozen state due to the
strongly bonding forces between water and clay min-
erals. In clay a percentage of water will unfrozen at
temperatures of −35◦C. The grain size distribution
also controls consequently differences in frost heave
and strength development.

4.1 Frost heave and ice lenses

In freezing soil the formation water can segregate into
ice lenses before it is frozen (Konrad & Morgenstern,
1981). As the result of growing ice lenses a water pres-
sure gradient will develop that is depending on grain
size and permeability of the soil (Penner, 1986). The
thickness of ice lenses can range from <10 µm to sev-
eral cm’s. The freezing expansion of clay is partly
caused by ice lenses. The growth of the ice lenses
is enhanced by the (slow) migration of water at this
frozen front. That is the reason why soils with low
permeability such as silts and clays are frost heave
susceptible and (drained) sand is not. The process of
migration of water due to freezing temperatures is
referred as cryosuction. Konrad & Morgenstern (1981)
have defined experimentally a linear relation between
the frost heave rate h of a soil, the segregation potential
SP0 and the temperature gradient T :

This linear relation between temperature gradient and
frost have rate is experimentally been established with
samples of the Boom clay from the tunnel trajectory
(Fig. 4). Resulting SP0 – values smaller than 0.5 m2/◦C
resulted in a low category of frost susceptibility. Fol-
lowing experiences in civil engineering with AGF
works frost heaves were expected in the direction per-
pendicular on the freezing front or isotherms and not
in the direction parallel to the axis the freezing tubes.
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Figure 3. Soil profile with the position and depth of the cross passage DV1 and DV2. Soils of units Z1, BK1 and BK2 have
been frozen during the construction of cross passages DV1 and DV2.

Three-dimensional frost heave behaviour of Boom
clay has been experimentally investigated and reported
by (Rijkers et al., 2000).

4.2 Creep

Creep theoretically decreases frost heave stresses that
have developed in an initial stage in a ground freezing
project. Assur (1963) states that creep of frozen soil
is defined by temperature, time, load and material
characteristics of soil. Creep processes are expected
to occur in the frozen soils bodies at DV1 and DV2.

5 MONITORING PROGRAM

5.1 Monitoring equipment

In order to observe changes in stress, temperature
and deformation a special monitoring program was
designed. This program consists of water pressure
recorders, stress monitoring stations, spade cells, tem-
perature recorders, extensometers and inclinometers.
The stress monitoring stations consist of three flat
plates that record water pressure and temperature. The
three plates can measure stresses directed parallel,
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Table 2. Soil properties of geotechnical units Z1, BK1 and BK2.

Soil properties Z1 BK1 BK2

Lithology NEN5104 Fine SAND Silty CLAY Silty CLAY
with sand layers

Clay contents (mean) % 0 81.2 62.2
Sand contents (mean) % 100 18.8 37.8

Water contents w % (22) 25.3 23.8
γ wet kN/m3 19.4 19.3
γ dry kN/m3 15.5
Porosity p % ∼41 ∼50 ∼50
Permeability kvertical m/s 1.3–1.9E-4 1.5E-9–2.4E-11 (0.17E-9)
Permeability khorizontal m/s – 2.7E-10–5.8E-8 –
kvert./khor. – – ∼30 –
Wp plasticity limit % – 30 25
Wl liquidity limit % – 91 76
Ip plasticity index – – 61 51

Shear strength torvane kN/m2 – ∼220 ∼100
Salt contents Cl− mg/l 3400–6600 2000–13000 <1000

Table 3. In-situ total stress σ and water pressure u at cross passages DV1 and DV2 measured by SM1 and SM4
(stress monitoring stations) before artificial ground freezing. The values between brackets are theoretically values
based on depth and volumetrical unit weights of the soil column; K0 = 0.5.

σ vertical σ horizontal σ horizontal u water
// cross passage ⊥ cross passage pressure

[kN/m2] [kN/m2] [kN/m2] [kN/m2]

Cross passage DV1 (SM 1) 204 (309) 175 (153) 170 (151) 172 (168)
depth axis at 17,5 m-NAP
Cross passage DV2 (SM 4) 310 (607) 289 (299) 291 (296) 279 (278)
depth axis at 28,7 m-NAP
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Figure 4. Frost heave rate vs temperature gradient of
BK1/BK2 soil samples.

perpendicular and vertically with respect to the freez-
ing tubes. The inclinometers have also been installed,
but results are not discussed in this paper.

Extensometers are located at the top of the each
cross passage and consist of four packers at differ-
ent depth levels. The packers are fixed in the soil and

connected to the ground surface with bars. At the
surface the shortening of the bars (distance between
the packer and the surface) is measured. Water pres-
sure recorders are situated on most of the instrument.
During the complete period of ground freezing and
thawing at cross passage DV1 and DV2 data was
recorded.

Due to the large amount of recorded data and dif-
ferent data types, it is not in the scope of this paper
to address all measurements. We restrict this paper
to the highlights of stress monitoring stations (SM1
and SM4; Figs. 5–6) and extensometers (EX2 and
EX3; Figs. 7–8) at cross connections DV1 and DV2.
In Table 4 the reported data types are summarised.

6 STRESS AND DEFORMATION

6.1 Monitoring results

Data records of stress monitoring, extensometers
and temperature data are given as time series in
Figures 6–9. Stress is given in these graphs as absolute
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SM1-1 tangential stress

Stress monitoring station 1 (SM1) » Absolute ground- and waterpressure versus Temperature
and Date 
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Figure 5. Measurements of stress monitoring station SM1 at cross passage DV1.

Stress monitoring station 4 (SM4) » Absolute ground- and waterpressure versus Temperature
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Figure 6. Measurements of stress monitoring station SM4 at cross passage DV2.
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Extensometer 2 (EX2) » Absolute vertical deformation versus Temperature and Date
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Figure 7. Measurements of extensometer EX2 above cross passage DV1.
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Extensometer 3 (EX3) » Absolute vertical deformation versus Temperature and Date
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Figure 8. Measurements of extensometer EX3 above cross passage DV2.
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Table 4. Characteristics and orientation of monitoring data of cross passage DV1 and DV2.

Cross passage DV1 Cross passage DV2

Data type Orientation Station Data record Soil unit Station Data record Soil unit

Tangential stress vertical SM1 SM1-1 Z1 SM4 SM4-1 BK2
Axial stress parallel to SM1 SM1-2 Z1 SM4 SM4-2 BK2

freezing tubes
Radial stress perpendicular to SM1 SM1-3 Z1 SM4 SM4-3 BK2

freezing tubes
Water pressure – SM1 SM1-4 Z1 SM4 SM4-4 BK2
Deformation of soil vertical EX2 EX2-1 to Z1 EX2 EX3-1 to BK1
above cross connection EX2-4 EX3-4
Temperature – VW1 VW1-1 Z1 TE2 TE2-2 BK1

values. In the upper parts of the graphs main construc-
tion phases of the cross connections are given, such as
freezing, excavation and covering.

6.2 Stress deviations from SM1 at DV1

When the freezing process starts the frozen front has
not immediately reached the monitoring instruments
(Fig. 5). Radial and axial stresses in the surround-
ing unfrozen soil (sand) decrease. From the moment
where the freezing front reaches the monitoring instru-
ment (temperature <0◦C), the instrument is part of the
frozen soil.The frozen soil is expanding due to the con-
tinuing freezing process. Inside the frozen soil radial,
axial and tangential stresses increase. Consequently
the cylindrical frozen soil body is tightening.

The first construction phase is to excavate the heart
of the cylindrical frozen soil body. Support to the
frozen soil from inside is then removed. Axial and tan-
gential stresses increase, while radial stress decreases.
Shortly after excavations the frozen soil rises slightly
in temperature, because the excavated area is in contact
with relatively hot open air and hydration heat of the
shotcrete. Temperature alternations cause deviations
in the stiffness of the frozen soil and other equilibrium
of stress distribution over the total cylindrical frozen
soil. It leads to axial and tangential stress increase
and radial stress decrease at the point of the stress
monitoring stations.

The freezing process is continuing and the tempera-
ture in the total cylindrical frozen soil body decreases
further. These actions provide radial and axial support
from the inside. Radial soil stress increases, the frozen
soil reacts against the shotcrete. Axial and tangential
stresses decrease.

The freezing apparatus starts working with a lower
capacity (33%). Temperature is increasing all over the
frozen soil in a fast rate. Stress deviations also occur at
a fast rate and stresses are redistributed over the frozen
soil. The decrease in stiffness (due to temperature rise)

leads to a decrease in radial and axial stresses.An over-
all radial stress release leads to an overall tangential
stress increase. After the fast increase the temperature
stabilises causing a stabilisation of all stresses.

Finally, ground freezing stops and temperatures
start to increase in the direction of the freezing point.
The same process as freezing with a lower capacity
recurs. There is one difference. Radial stress increases
immediately after shutting the freezing apparatus.This
reaction is probably caused by the redistribution of
stresses over the frozen soil, with this difference that
the total distribution of stiffness over the frozen soil is
different as it was during the previous period of tem-
perature increase. The final tangential stress increased
with respect to the starting value. This is a result of
the installation procedure of stress monitoring sta-
tions. The vertical stress after installation is less as the
original vertical in-situ stress (Table 3). Probably
because soil has been excavated via a pulse boring
to install this type of instrument.

6.3 Water pressure deviations from SM1 at DV1

There are no large water pressure deviations while
freezing in sand. The maximum amount of water pres-
sure decrease is approximately −15 kPa. The sand is
well drained and the decrease is a result of the chase
of water during volume increase of frozen water.

6.4 Soil deformations from EX2 at DV1

In order to make installation of the instruments possi-
ble, soil is improved at both cross passages at ground
level. Besides an extra cinder level is deposited. The
extra load causes settlement to occur. In the beginning
before the period of freezing this settlement is visible
as a shortening of the packer bars.

After a while when the soil around the freezing tubes
freezes and expands, packer EX2-1 reacts and short-
ening takes place (Fig. 7). Packer EX2-2 to EX2-4
reacts in a later stadium. The frozen front progresses
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slowly. In the period of excavation the shortening drops
(most for packer EX2-1 and respectively less for
packer EX2-2 to EX2-4). The excavation causes a
radial release and therefore a contraction of the cylin-
drical frozen soil body.

After this period deviations in deformation are low.
Packer EX2-1 to EX2-4 show similar fluctuations con-
formable with radial stress observed at SM1. Further
decrease in temperature causes a small expansion.

The freezing apparatus starts working with a lower
capacity. Packer EX2-1 shows a small decrease in
shortening followed by an increase. Packers EX2-2
to EX2-4 stabilise and increase. The freezing process
continued although at a lower level. The frozen soil is
still expanding.

Thawing leads to an overall decrease in shortening.
The residual shortening is the result of the surface
settlement for packer EX2-2 to EX2-4. Packer EX2-1
has a larger residual settlement. In fact this packer was
the only one of EX2 packers inside the frozen soil.

6.5 Stress deviations from SM4 at DV2

All stresses increase strongly from the beginning after
a frozen soil body (clay) starts forming (Fig. 6). Also
tangential stress increases. The reason for this strong
frost heave is the typical undrained character of clay.
Water pressure increases with the same amount as the
tangential stress. Radial and axial stresses increase
conformable expectations, the freezing soil expands
causing an stress increase in the surrounding unfrozen
soil due freezing of the water contents of the clay and
to ice lens formation.

From the moment the temperature drops under the
freezing point, water pressure decreases in a fast rate to
just above the vacuum pressure. Radial, axial and tan-
gential stresses react and show a slight decrease. The
water pressure is not as dominant any more as most
of the water starts to freeze. Radial stress increases
again to about a level where all three stresses start to
decrease. This decrease in stress is due to creep or
the volumetric contraction of ice at lower tempera-
tures. Creep occurs at a certain level of temperature
and stresses. The crystalline structure of the frozen
water is not stable anymore and the soil more or less
liquefies. At cross passage DV1 stresses in all princi-
pal directions increase in this period. The stress rate
is much lower. Excavation leads to a radial release.
Axial stress increases for the support from the heart
is removed. The cylindrical frozen soil body contracts
and tangential stress increases.

Just after excavation the periods of cover and freez-
ing with lower capacity begins. Temperature increases
for a period of time and decreases again after a while.
Radial stress increases slightly while the freezing pro-
cess is continuing, only at a lower rate. Tangential
stress increases fast. These phenomena take also place
at cross passage 1, where a temperature increase leads

to a fast tangential stress increase, caused by the redis-
tribution of stresses and stiffness deviations in the
cylindrical frozen soil body. The axial stress decreases
also due to the redistribution of stresses over in the
meantime covered cross connection. Finally, thawing
does the same to the tangential stress as freezing with
lower capacity. Tangential stress increases rapidly and
due to a combination of creep and thawing the tangen-
tial stress is reduced to its original starting level. The
axial and vertical stresses decrease by thawing. The
total expansion stops and stresses decrease. The water
pressure finds its original level at a temperature just
below the freezing point.

6.6 Deformations from EX3 at DV2

The same soil improvement and cinder installation
takes place at cross passage DV2. The same amount
of settlement is visible in the beginning before the
freezing period (Fig. 8). From the moment the freezing
starts, expansion of the frozen soil body takes place.
The difference between cross passage DV1 and cross
passage DV2 is clear. The maximum shortening at
DV1 is approximately 10 mm at packer EX3-1. The
maximum shortening at DV2 is approximately 50 mm
at packer EX3-1. Excavation leads to a decrease in
shortening. The cylindrical frozen soil body shrinks.
From this moment temperature increases and, but
freezing continuous at a lower level. A smooth small
expansion is the result. Thawing leads to the final
decrease in shortening and all packers return to their
original situation including the surface settlement.The
residual shortening is large compared to DV1.

6.7 Drainage of the frozen soil and insulation
measures

The average temperature evolution was the same as cal-
culated for both cross passages. However, at the con-
nection between the main tunnel tube and the frozen
ring the temperature drops slower than expected. At
the steel segments it is clear that the conduction of
heat is high that proper insulation was necessary. At
cross connection DV1 dry-ice was eventually used to
maintain low temperatures at the connection between
the steel segments and the frozen ring.

For drainage during soil freezing a borehole was
used to control the water pressure inside the frozen
body. Water expands when it is frozen, so in an
undrained situation water pressure rises when the
frozen ring is watertight (Fig. 9, point B). In the
first part the increasing water pressure (Fig. 9, point
A) gives an indication that the ring of frozen soil is
watertight. In our case at DV1 monitored tempera-
tures through the tunnel segments gives that soil was
not frozen directly behind the segments. Another test
was conducted with opening and closing the drainage
tap (Fig. 9). Because the water didn’t stopped we
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Figure 9. Development of the water pressure in the unfrozen
cylinder at DV1.

Figure 10. Measured (maximum) frost heave pressures at
DV1 and DV2 versus permeability (adapted from Kofoed &
Doran, 1996).

concluded that the frozen ring was not watertight and
after one day using ‘dry-ice’ a significant rise of the
water pressure occurs that proved the water tightness
of the frozen ring.

At the cross passage DV2 it was not possible to
drain the inner part of the frozen ring because of Boom
clay with very low permeability. However, the drainage
pipe was kept open to reduce ground pressure on the
main tunnel segments.

7 FROST HEAVE LOADS AND TUNNEL
DEFORMATION

During freezing activities tunnel convergence and off-
set of tunnel segments was measured (in the bored
tunnel tube). Deformation and convergence of the
main tunnel construction has been monitored during
the freezing period. At cross passage DV1 (in sand)
a maximum offset of tunnel segments of 4 mm was

observed. The deformation of the western tunnel at
DV1 has been caused by the increase of ground pres-
sure due to frost heave of 50 kPa measured in the
direction parallel to the freezing tubes (SM1 SM2 ⊥
//; Fig. 10).

Frost heave pressure is defined as the increase of
ground pressure due to soil freezing. The absolute
measurements of frost heave pressures at DV1 and
DV2 are higher (see Figs. 5–6).

At cross passage DV2 (in overconsolidated clay) the
maximum offset of 20 mm was registered.Also corres-
ponding measured frost heave values are significantly
higher. In the direction parallel to the freezing tubes
680 kPa of frost heave stress has been observed that
eventually caused 20 mm offset of the tunnel segments
(SM3 SM4 ⊥ //; Fig. 10).

8 CONCLUSIONS

Frost heave loads and soil deformations have success-
fully been measured in (frozen) soil bodies of sand
and clay during an artificial ground freezing activ-
ities. Frost heave pressures differ significantly between
frozen sand and frozen clay bodies. All phases of con-
struction of the cross passage are recognized clearly
in the data.
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Monitoring and modelling during tunnel construction

A. Bezuijen
GeoDelft Delft, The Netherlands
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WL/Delft Hydraulics

ABSTRACT: Tunnelling projects are often technologically challenging projects. Therefore it is not uncommon
to perform quite some measurements during the execution of these projects. Measurements are performed to
control settlements and/or control of the drilling process. Modern TBMs record all kind of data on the drilling
process. This paper shows that analyzing the results of the measurements and modelling with relatively simple
calculation models can lead to new insights in the tunnelling process and possible failure mechanism. Examples
are presented, investigating the pressure distribution in front of, or at, the tunnel face and back-fill grouting.

RESUME: Les projets des tunnels creusés sont souvent technologiquement des projets de challenge. C’est
pourquoi des mesures s’effectuent souvant pendant l’exécution de ces projets. Des mesures sont effectuées pour
contrôler les tassements et/ou contrôler le processus de forage. Les tunneliers (TBM) modernes enregistrent
tout genre de données durant le processus. Cet article montre que l’analyse des résultats des mesures et la
modélisation par des modèles relativement simples peut mener à des nouvelles comprehensions du creusement
des tunnels et des mécanismes de rupture possibles. Des exemples sont présentés, étudiant la distribution de
pression au devant, ou au front de taille de tunnel et le remblayage par injection.

1 INTRODUCTION

The construction of bored tunnels started only recently
in The Netherlands, in the nineties of the last century.
Up to then it was expected that the soft soil in The
Netherlands was not suitable for a cost effective con-
struction of bored tunnels. With the start of the first
bored tunnel projects it was decided to perform mon-
itoring campaigns during each project. This research
was initiated by the Dutch Ministry of Transport and
Public works and the COB (the Centre for Under-
ground Construction). These campaigns included pre-
diction of the values that can be expected during the
monitoring using state of the art calculation mod-
els, measuring before, during and after the passage
of the TBM and evaluation of the data. This method
has proven to be quite effective to acquire knowledge
of the processes involved. The paper describes some
measurements that led to a new or better description
of processes that occur during tunnelling.

Measurements and modelling during 3 tunnel
projects will be dealt with: the 2nd Heinenoord Tun-
nel, the first bored tunnel in The Netherlands, the
Botlek Rail Tunnel and the Sophia Rail Tunnel. As
will be described in the paper, insight was gained
by prediction of the outcome of the measurements
or by analyzing the measurements and performing

additional laboratory testing. This paper shows some
of the measurements and describes briefly the mechan-
isms involved. A full description of the models used is
not possible within the limits of this paper; reference
is made in the literature for these models.

2 2ND HEINENOORD TUNNEL, PORE
PRESSURES

Excess pore pressures have been predicted and meas-
ured in front of the tunnel face during drilling of the
2nd Heinenoord tunnel in saturated sand.

Before these measurements it was generally
assumed that the bentonite slurry plasters the tunnel
face. This is true after a stand still of several min-
utes, but not during excavation in saturated sand. The
parameters presented in Table 1 were used in the
predictions.

The set-up of the measurements is shown in Fig-
ure 1. Some pore pressure gauges are ‘eaten’ by the
TBM. The original function of these pore pressure
gauges was to investigate the influence of the cutting
elements on the pore pressures in the sand.

The predictions showed however, that a penetra-
tion depth of 0.05 m is needed for full plastering and
that between two passages of the elements (which take
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Table 1. Soil conditions and slurry parameters during
the drilling of 2nd Heinenoord tunnel.

Parameter Value Dimension

d15 100 µm
Permeability 1.10−4 k/s
Porosity 0.41 –
Viscosity slurry 18*10−3 Kg/(ms)
Yield stress slurry 0.01 kPa
Face pressure above 50 kPa
Pore press

Figure 1. Artist impression measurement field 2nd
Heinenoord Tunnel. The arrow indicates the pore pressure
gauges in front of the TBM. Results of the gauge in the mid-
dle are used this paper. Drilling was from North to South
(Bakker et al. 2003).

about 60 s) there could be no further penetration than
0.015 m, see Bezuijen et al. (2001). The lack of plas-
tering of the tunnel face results in an excess pore
pressure in front of the TBM. The course of the excess
pore pressure on the tunnel axis was estimated assum-
ing that specific discharge is the same all over the
tunnel face. This is an approximation, in reality the
discharge will be smaller in the center of the tunnel
face compared to the areas further away from the tun-
nel axis. Although an approximation, it appeared that
using the measured excess pressure at the tunnel face,
the resulting formula could simulate the course of the
excess pore pressure in front to the TBM very well,
see Figure 2. It was realized that the measured excess
pore pressure can influence the face stability (Bezuijen
et al. 2001. Broere, 2001). This result had practical
consequences during the construction of the Groene
Hart Tunnel (a 15 m diameter tunnel for high speed
trains), where at one location a surface load was
applied to prevent a blow out (Aime et al. 2004).
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Figure 2. Measured excess pore pressure in front of a slurry
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Figure 3. Principle of EPB TBM.

3 BOTLEK RAIL TUNNEL, TUNNEL
FACE EPB

The Botlek Rail Tunnel, the second bored tunnel in
The Netherlands, was made with an Earth Pressure
Balance (EPB) shield TBM. The principle of such a
TBM is shown in Figure 3. The soil is removed from
the pressure chamber by a screw conveyor. The pres-
sure drop from a few bars to atmospheric pressure
is regulated with the screw conveyor and a valve or
pumps at the end of the screw conveyor. The TBM can
work without additives in clayey soils, but in sandy
soil, as was present at the location of the Botlek Rail
tunnel, it is necessary to condition the soil with addi-
tives. This is often done with foam. By injection of
foam from the cutter head into the soil, the porosity of
the sand is increased to a value above the maximum
porosity, which facilitates excavation and also reduces
the permeability (Bezuijen, 2002). Reduction of the
permeability was of importance since the Botlek Rail
tunnel passes on its deepest point through permeable
Pleistocene sand (k = 3.10−4 m/s).
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Figure 4. Example of non-hydrostatic pressure distribution
measured at the Botlek rail tunnel. The rotation direction of
the cutter head was reversed between the 2 measurements
shown.The inset shows the position of the instruments and the
position of the screw conveyor (SC) in the pressure bulkhead
of the TBM.

An important aspect for the stability of the tunnel
face and the limitation of surface settlements is the
average pressure and the pressure distribution at the
tunnel face. Therefore this pressure was measured at 9
locations on the pressure bulkhead. A non-hydrostatic
static pressure distribution was measured over the tun-
nel face where a hydrostatic pressure distribution was
predicted based on results measured for a slurry shield,
see for an example Figure 4. This figure shows two
pressure distributions measured at different times and
compares these with two hydrostatic pressure distribu-
tions. Clearly there are deviations from the hydrostatic
distribution. There are differences between the pres-
sures measured with the instruments on the right side
of the TBM compared with pressures measured on the
left side. This difference was attributed to the direction
of rotation of the cutter head (Bezuijen et al. 2005b).

It was found that the difference in vertical hydraulic
gradient is likely to be caused by the yield strength of
the muck in the pressure chamber. With no or hardly
any yield stress in the muck the pressure distribution
at the tunnel face is hydrostatic as was measured for
a slurry shield TBM (Bakker et al. 2003). In presence
of cohesion in the muck and adhesion to the TBM the
vertical gradient can be written as:
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Figure 5. Distribution of muck densities measured in the
pressure chamber (24 samples).

Where P is the pressure, ρm the density of the mixture,
g the acceleration of gravity, τa the adhesion between
the muck and the TBM and L the distance between
the cutter head and the pressure bulkhead. Depend-
ing on the flow direction the pressure gradient can be
2τa/L higher or lower than the pressure gradient cor-
responding to the density of the mixture. In case of a
flow with a horizontal component, as can be expected
in the pressure chamber between E6 and E5 as well
as between E4 and E5, the influence of the adhesion
becomes even bigger. Density in the pressure chamber
was measured by taking samples through the bulkhead
during drilling. The densities found are shown in Fig-
ure 5. Laboratory experiments have shown that the
adhesion 1 one to a few kPa, with the densities meas-
ured and a L of approximately 1 m, this means that
pressure gradients from 7 up to more than 20 kPa/m
are possible.

Due to the foam injection that increases the poros-
ity to values above the maximum porosity, there are
no grain stresses in most of the pressure chamber,
but it was found that there can be some grain stress
close to and in the entrance of the screw conveyor due
to drainage of the muck in that area (Bezuijen et al.
2005b). This allows even negative pressure gradients,
see Figure 4.

Analysing the measurements showed the influence
of adhesion on the pressure distribution and the influ-
ence of drainage. These results mean that the pressure
distribution on the tunnel face depends on more than
the density of the slurry and that changes in this pres-
sure distribution during the drilling process cannot be
avoided.

4 SOPHIA RAIL TUNNEL, GROUTING

Another important part in the tunnelling process is the
grouting of the tail void to fill up the space between the
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Figure 6. Cross-section of the Sophia Rail Tunnel and soil
layering at the measurement location.

lining and the soil, see also Figure 3. The quality of the
grouting process determines the position of the lining
and is of major importance on the surface settlements.
To get a better understanding of the grouting process,
the grout pressures were measured in 2 rings during
the boring of the Sophia Rail Tunnel. Soil conditions
are rather uniform along a large part of this tunnel, see
Figure 6.

In The Netherlands it is usual to prescribe the
grouting pressures that have to be applied during the
tunnelling in order to avoid excessive surface settle-
ments. Furthermore it was tried to match the grout
pressures to the total stress that exist in the soil before
tunnelling also to minimize settlements.

A calculation model that describes the pressure dis-
tribution in the direct vicinity of theTBM was available
before the start of the measurements. From calcula-
tions with this model it was possible to find the relation
between injection strategy, yield stress of the grout
mortar and the pressure distribution directly behind
the TBM (Talmon et al. 2001). It was further real-
ized that at a certain distance from the TBM the sum
of the forces on the lining has to be zero and there-
fore the average pressure gradient is determined by the
weight of the lining, more or less independent from the
injection strategy.

A typical result from the grout pressure measure-
ments is shown in Figure 7.

Figure 7 shows the pressure increase during drilling
and a decrease during stand still. Conform the expect-
ations the vertical hydraulic gradient decreases from
nearly 19 kPa/m to below 7 kPa/m (Figure 8). This last
value is close to the gradient that corresponds to the
average weight of the tunnel lining and the auxiliary
train (Bezuijen et al. 2004) and the higher gradients
measured close to theTBM correspond with the values
calculated with the flow model (Talmon et al. 2001,
Bezuijen et al. 2004).

Analyzing the results, it was noticed, as mentioned
already, that the grout pressure increases during bor-
ing and decreases during stand still. The reason for this
appeared during grout consolidation tests to investi-
gate how the grout mortar behaves under the applied
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pressure. Grout loses 3 to 10% of its volume when
loaded with effective stresses up to 100 kPa. A grout
consolidation test was developed to investigate the
consolidation of grout, see Figure 9 and Figure 10.
A test result is shown in Figure 11. After pressuriz-
ing the vessel the valve is opened and the grout starts
to consolidate (sometimes described as bleeding). In
the first part of the consolidation process the volume
loss increases with the square root of time (Bezuijen &
Talmon, 2003), see also Figure 11. This assumption is
valid as long as the grain stress close to the imper-
meable plate is still negligible. When grain stresses
develop, leading to a decrease in the measured pore
pressure, the consolidation decreases to reach an end
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Figure 9. Grout consolidation, measurement principle.

Figure 10. Grout consolidation, experimental setup.
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value. The time necessary for grout consolidation is
in most cases shorter than the time for hardening of
the grout and then the consolidation is the dominant
process for the increase of the yield stress in the grout
over time.

In Figure 7 this decrease in grout pressure dur-
ing consolidation is shown for one tunnel, but it is
measured for a lot of tunnels that are bored in sand
(Hashimoto et al. 2004). Consolidation of the grout
leads to an unloading of the sand around the tunnel

lining because the sand reacts stiff during unloading,
some volume loss leads to a significant pressure drop
(Bezuijen &Talmon, 2003). Pressures restore however
when drilling recommences. Pressures decay with dis-
tance from theTBM.This is caused by fluid loss, and is
governed by yield stress and the thickness of the grout
cake (Talmon & Bezuijen 2004). The grouting condi-
tions directly behind the TBM are critical with respect
to settlements. Here grout pressures and injected vol-
ume of grout are the governing parameters. Soil reacts
less stiff during loading compared to unloading.There-
fore different grout injection volumes lead to the same
final grouting pressure, but to different settlements.
From this it might be concluded that in controlling
surface settlements it is more appropriate to control
the volume of injected grout than the grout pressure
once the injection pressures are within certain bounds.

The measured vertical hydraulic gradient also
implies a loading on the lining. The longitudinal load-
ing on the lining can be calculated using the beam
equation (Bezuijen et al. 2005a). Close to the TBM,
where the pressure gradient is not yet in equilibrium
with the weight of the tunnel, there will be buoyancy
forces. It was found that these forces can reach critical
values when the length over which the vertical gradient
is higher than corresponding to the weight of the tun-
nel is too high. This can happen when the yield stress
of the grout is too low and consolidation or hardening
take too much time compared to the progress of the
tunnelling process.

5 CONCLUSIONS

Several examples were shown where the combination
of measurements and analyzing of the results led to
new insight in some of the mechanisms of importance
during the tunnelling process:

1. Excess pore pressures can occur at the tunnel face
during the excavation process. These excess pore
pressures decrease the stability of the tunnel face.

2. Pressure gradients at the tunnel face of an EPB are
not only determined by the density of the slurry, but
also by the yield stress of the slurry and the rotation
direction of the cutter blade.This limits the possibil-
ities to control the pressure gradient, which can be
of importance when evaluating the soil deformation
caused by the tunnel face.

3. The cause of the grout pressures and the grout
pressure gradient as measured during tunnelling
could be explained. Injection strategy determines
the grout pressures just behind the TBM. At a larger
distance these are dominated by the weight of the
tunnel. Consolidation of the grout leads to a reduc-
tion in grout pressures at some distance from the
TBM and the longitudinal loading on the lining can
be coupled quantitatively to the grout properties.
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Introduction to Grout Behaviour

Grout behaviour has got a lot of attention in tun-
nelling research performed at GeoDelft. Research on
grout was nearly always performed in close cooper-
ation with WL | Delft Hydraulics. The field mea-
surements at the Second Heinenoord tunnel showed
already the importance of grout pressures on the soil
behaviour. A research programme was started, based
on the results of these measurements, to get a bet-
ter understanding in the measured grout pressures and
grout pressure distribution.

The first paper in this chapter deals with centrifuge
tests that are preformed to investigate the influence of
the grout pressures. In this test the grouting was sim-
ulated using a very high concentrated betonite slurry.
The subsoil reaction and the reaction of a pile foun-
dation were measured as a function of the grout
pressure. It was shown that a surface settlement could
be compensated for by increasing the grout pressure.
However, settlement of piles very close tot the tunnel
could not be corrected by increasing the grout pressure.

The cooperation with WL | Delft Hydraulics led to
a model that describes the flow of a Bingham liquid
in an annulus and the resulting pressure distribution.
This is the topic of the second paper. The importance
of this work was that a prediction tool became avail-
able to make predictions for the field measurements on
grout measurements that were planned during boring
of the Sophia Rail Tunnel. This tool was also used to
calculate the extra loading on the lining of the Green
Heart Tunnel in case one of the grout injection points
that bring grout in the tail void would fail.

The grout measurements for Sophia Rail tunnel are
presented in the third paper.This paper shows the mea-
surement results and explains the pressure gradients
that were measured. It was shown that a bit further
away from the tunnel the pressure gradients hardly
depend on the injection strategy but on the weight
of the tunnel. The pressure gradients in the grout can
decrease to gradients lower than the gradient in the
pore pressure. The grout pressure distribution close
to the TBM corresponded with the calculation model
described in the paper before. However, further away
from the TBM the measured grout pressures where
lower.

The paper just mentioned above focuses on pres-
sure gradients but does not present an explanation for
the absolute grout pressures measured. The measure-
ments show that these have a characteristic course

of increasing grout pressure during drilling and a
decrease during stand still. At a distance of 10 to 20 m
behind the TBM the measured grout pressures are in
the same order of magnitude as the pore water pres-
sure for a tunnel drilled in sand. The mechanism that
causes these pressures is explained in the forth paper.
It describes the soil grout interaction during consoli-
dation or ‘bleeding’ of the grout and shows that the
measured pressures can be described by assuming
elastic unloading of the soil.

Grout pressure measurements performed in The
Netherlands used relatively small pressure sensors and
the measurements lasted a few days at maximum. The
fifth paper deals with measurements performed in
Japan during 180 days and with larger pore pressure
gauges. The conclusions of these measurements for a
tunnel bored in sand are however quite comparable to
the conclusions from the Dutch measurements: The
grout pressures decrease to values close to the pore
pressure was also found in Japan for a tunnel bored
in sand. This result leads to a considerable smaller
ring loading on the lining than calculated using the
Japanese code for this situation. Several codes, includ-
ing the Japanese, assume a horizontal effective stress
on the lining that is K0 times the vertical effective stress
and do not take into account the unloading of the soil
by tunnelling.This unloading has reduced the effective
stress around a tunnel bored in sand to values that are
less than 10% of the original value. The original stress
distribution in the sand around the tunnel has more or
less disappeared due to the unloading of the sand.

The last 2 papers shows the consequences of the
measured grout pressures on the loading in the lining
in longitudinal direction and the loading on the TBM.
The fore last paper is more or less a summary from
earlier papers and indicates how the stresses in longi-
tudinal direction can be calculated using a numerical
calculation scheme. In the last paper an analytical solu-
tion is worked out. From this solution it appears that
the loading on the lining depends on the properties of
the grout and of the soil.The model also predicts a con-
siderable upward directed force on the tail of the TBM
that is exerted by the buoyancy forces in the lining.
This force was not always incorporated in the vari-
ous numerical calculations, leading to a momentum in
the lining calculated by numerical programs that differ
to a very large extend from the momentum that was
measured.
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Modelling the grouting process around a tunnel lining in a geotechnical
centrifuge
Modélisation du processus d’injection du revêtement d’un tunnel
dans une centrifugeuse géotechnique

Henk E. Brassinga & Adam Bezuijen
GeoDelft, The Netherlands

ABSTRACT: The grouting process around a tunnel lining is modeled in a geotechnical centrifuge. A model
grout is injected in a scaled model of a tail void. In different tests grouting is performed with pressures equal
to 80 and 90% of the total vertical stress of the soil above the tunnel. At the end of the test the pressure is
increased to investigate the maximum pressure that can be applied before this will lead to large soil deformations.
Deformations of soil and settlement of adjacent pile foundations were studied. It was concluded that for fully
loaded piles, the pile deformations exceeded the soil deformation. To decrease settlements afterwards high
pressures were needed, easily leading to fracturing and in some case to further displacement of piles.

RESUME: Le processus d’injection autour du revêtement d’un tunnel est modelisé dans une centrifugeuse
géotechnique. Un coulis modèle est injecté dans un modèle mesuré d’un espace annullaire. En différents essais
l’injection est exécuteé avec des pressions égales à 80 et 90% de la tension totale verticale du sol au-dessus du
tunnel. A la fin de l’essai, la pression est augmentée afin d’étudier la pression maximale qui peut être appliquée
avant que de grandes déformations du sol náient eu lieu. Des déformations du sol et de l’affaissement des bases
adjacentes de pieux ont été étudiées. Il est conclu que pour des pieux avec une charge limite, les déformations
de pieux ont excédés la déformation du sol. En limitant les déformations du sol plu tard de plus hautes pressions
sont appliquées, causant des fractures dans le sol et en quelques pieux même un augmentation des déformations.

1 INTRODUCTION

The grouting of the lining is a critical process in
shield tunnelling. Measurements, for example at the
2nd Heinenoord tunnel, (COB 1999) have shown that
surface settlements are determined to a large extent
by the quality of the grouting process. Grouting with
a too low grouting pressure will lead to surface set-
tlements, but a too high pressure can lead to a blow
out of the grout and unpredictable deformations when
the pressure is higher than the limit pressure that can
exist in the soil at the depth of the tunnel. Furthermore
a too low or too high grouting pressure can influence
adjacent pile foundations.

The influence of tunnelling on surface settlement
and pile foundations has been studied in a centrifuge
(Bezuijen et al 1994, Loganathan et al 2000). In these
studies the tunnelling process was simulated by a
reduction of the volume of a model tunnel. However,
with such a model it is not possible to find the max-
imum grouting pressure and it was found that the
distribution of grouting pressure around the tunnel is
of a major influence on the process. Therefore it was

decided that the grouting process in the tail void has to
be modelled by injection of a model grout in a scaled
tail void.

In a research project commissioned and super-
vised by COB and performed by GeoDelft, equipment
was made to investigate in a geotechnical centrifuge
the influence of the grouting process on soil defor-
mations and deformations of adjacent pile founda-
tions. This paper deals with the equipment made and
shows results of the tests which were performed.
In this paper attention is focussed on the measured
surface deformations and pile settlements. The mea-
sured blow-out pressures will be dealt with elsewhere
(Bezuijen & Brassinga 2001).

2 SCALE MODELS

In a geotechnical centrifuge the behaviour of soil can
be studied in a scaled model. As the stress strain rela-
tion of soil is stress depending, and real soils are
used as model material, the earth’s gravity has to be
enlarged. A model scaled 1:N has to be subjected to a
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Table 1. Scaling factors in centrifuge tests.

Phenomenon Prototype Model

Volumetric weight 1 1
Dimension N 1
Strain 1 1
Stress 1 1
Force N2 1
Time (consolidation) N2 1
Permeability 1 N

gravity level of N times earth’s gravity to comply with
the correct strains and stresses. Each phenomenon in
the soil is scaled in a specific way. In Table 1 some
scaling factors are given.

3 TEST SET-UP

To simulate the tunnelling process, it is essential that
equipment can move horizontally through the soil. A
device was developed to enable this, see Figure 1.
A plunger below the model container can move an
aluminium ‘cart’ over a distance of 400 mm. Equip-
ment connected to the cart can be moved horizontally
through a watertight seal in the model container. The
system can operate in tests up to 150 g. The maximum
load that can be applied is 100 kN.

To investigate the grouting process during tun-
nelling a so called tail void module was built. The
module is shown schematically in Figure 2. An inner
tube represents the lining. During the test, the outside
tube, representing the TBM, is moved from the inner
tube over a distance of 400 mm (on modelscale). Dur-
ing this process bentonite slurry is pumped through
the supply system, connected with the outside tube,
through the slits made in the inner tube. Bentonite
slurry was injected by means of a plunger pump. The
diameter of the outside tube is 130 mm, the diameter of
the innertube is 125 mm. Some pore pressure gauges
are placed at a distance of 200 mm behind the grout
injection points, to measure the course of the pressure
along the lining.

Bentonite slurry was used as a model grout. Slurry
with 240 gr/l bentonite was used to get a liquid with a
scaled viscosity and yield strength as a grout in such
a way that the penetration process of the grout in the
sand is properly scaled.

The processes studied, surface settlement and limit
pressure, occur when the grout is still in the liquid
phase and therefore the cementing of the grout was
not modelled.

Model piles have been placed into the soil above and
next to the tunnel. Different configurations were used
in different tests. In this paper most attention will be

Figure 1. Side view test setup.
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Figure 2. Sketch of the module made to simulate the
grouting process.
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Figure 3. Test set-up for the OLS tests and results of the
second test. Measured deformations and pile settlements at
different times during the test and approximation with a
gauss-curve.

paid to the OLS tests, as shown in Figure 3. The piles
where located in such a position that after the out-
side tube was moved over 290 mm the grout injection
points where just below pile 1, nearly straight above
the tunnel.
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4 TESTS PERFORMED

4.1 Type of tests

Two types of test were performed. The first type was to
test the equipment developed. This test was performed
at the maximum design g-level of 150 g. This g level
simulates a tunnel with a diameter of 18,75 m.A simple
homogeneous sand model was chosen and only one
pile was placed next to the tunnel.

The second type of test was performed at 40 g. This
test was performed to test the possible influence of the
drilling of a 5 m tunnel near Schiphol Airport as part
of an underground logistic system. In this type of test
the soil model was schematised from the typical soil
conditions present in that area. The tunnel was placed
in sand and a clay layer was placed above the sand, see
Figure 3. A thin sand layer on top of this clay layer
simulates the stronger unsaturated zone in the clay.

4.2 Soil model and piles

The sand model consisted of saturated sand. Raining
sand into the model container, which was filled with
water and with the tail void module placed in posi-
tion, made the sand model. The sand was brought to
the desired density by repeated dropping of the model
container on a concrete floor from a few centimeters
height. The procedure is described in detail (Poel &
Schenkeveld 1998). Measurements of velocity of a
compressive wave have shown that a very high degree
of saturation could be obtained using this method.

The clay model was made from spesswhite kaolin
clay. The clay was preconsolidated at a pressure of
42 kPa. The undrained shear strength cu of normally
consolidated spesswhite clay is depending on the
effective stress σ ′

v (Bezuijen & Schier 1994):

In the OLS tests, performed at 40 g, 4 piles were used.
The model piles were closed cylindrical aluminium
piles with a diameter of 10 mm. Piles where placed
at 10, 73, 136 and 199 mm from the tunnel axis, see
Figure 4. After final installation during the test pile
tips end 25 mm above the top of the tunnel, see also
Figure 3. Before the test the piles were pushed through
the clay, 7 mm into the sand at 1 g. The piles were
connected to a loading frame by springs with a stiffness
of 100 N/mm. During the test the freatic line was kept
at 2 mm above the surface.

4.3 Instrumentation

Grout pressures were measured close to the injection
points and at 200 mm behind the injection points with
respectivily 4 and 2 total pressure gauges. Pore pres-
sures were measured in the clay and in the sand at

Figure 4. Top view of OLS test with instrumentation.

various locations. Furthermore, the soil pressure was
measured below and next to the tunnel. The settle-
ment of the soil surface and the settlement of the piles
were measured by means of displacement gauges. The
settlement of the top of the sand layer in which the
tunnel was placed was measured by miniature piles
placed 5 mm into the sand and connected to displace-
ment gauges. The miniature piles were designed in
such a way that the friction of the clay to the piles is
much less than the weight of the piles at the desired
g-level, but that the tip resistance is much higher than
that weight. As a result the pile and the displacement
gauge will follow the movement of the top of the sand.
See Figure 3 and Figure 4 for the location of the instru-
mentation. Figure 4 shows that the location where the
settlement was measured does not coincide with the
location of the piles.

During the OLS tests first the clay was reconsoli-
dated to the desired g level, this took 5,2 hours. After
that the piles were pushed 50 mm into the sand to
acquire the desired depth and to generate a stress
situation around the pile tip that is comparable to
the prototype situation. The model was consolidated
for another 2 hours to allow excess pore pressures to
dissipate. Then the outside tube of the module was
moved at a rate of 1 mm/s and simultaneously the tail
void was filled with bentonite through the slits. The
pressure of the bentonite was controlled at the pre-
determined average level of 0,9 times the total soil
stress at the axis of the tunnel. When the outside tube
had reached a displacement of 390 mm its moving and
the supply of bentonite were stopped and the betonite
pressure was allowed to decrease. The second stage
of displacement (10 mm) was performed at a rate of
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0,01 mm/s without supplying bentonite, intended to
cause a further decrease of the bentonite pressure.
After the outside tube had reached maximum displace-
ment (400 mm) the bentonite pressure was increased
until the limit pressure was reached.

5 RESULTS

5.1 Measured pressures

The measured grouting pressures, the total horizontal
soil pressure, the pore pressure in the soil during the
experiment are shown in Figure 5. The pore pressure
(p1) was measured in the sand layer, outside the influ-
ence of the tunnel. The grout pressures shown were
measured 40 mm above (p3) and below (p4) the axis.
The horizontal total pressure (p2) was measured at a
distance of 10 mm from the tunnel, on the level of the
axis of the tunnel. From this figure it turns out that
the pore pressure in the sand around the tunnel hardly
changes during the experiment. This means that the
bentonite slurry which acts as a model grout hardly
penetrates into the sand. The time during which the
outside tube was moved under a controlled grouting
pressure can be distinguished from the figure (from
t = 5100 s until t = 5510 s), because during that stage
there is some noise on the grouting pressures. Half
way during this process the total pressure in the sand
increases sharply (at t = 5350 s in Figure 5). At that
time the end of the outside tube reached this pres-
sure gauge. After the passage the pressure increase
is caused by the model grout in the tail gap between
the soil and the inner tube. Between t = 5550 s and
t = 6500 s, while the moving and bentonite supply have
stopped, the bentonite pressure drops because of the
penetration of bentonite into the sand. Although the
penetration is very small (see 5.3), the pressure drops
because of the incrompressibility of the bentonite. It
can be seen that during the second stage of the dis-
placement of the outside tube, also without bentonite
supply, the grouting pressure drops to a level close to
the pore pressure.

5.2 Pile settlements

The settlements of the piles are shown in Figure 6.
The piles were kept loaded to the ultimate bearing

capacity after they were pushed into the sand during
the test. Because of the limit state situation around
the pile tip in the test, any extra shear stress in the
sand will cause settlement of the piletip. In practice
the load will be less and therefore also the pile settle-
ment caused by tunneling activities will be less. In the
test pile settlement already occurs when the outside
tube starts to move even though the tail void is still
far away from the piles. Settling of Pile 1 and Pile 2
increase sharply when the tail void passes underneath
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Figure 6. Settlements of piles.

the piles (approximately at t = 5450 s). From Figure 6
it is also clear that the displacement of piles at a larger
distance from the axis of the tunnel decreases. At a
distance of 1,5 Dtunnel the influence of the tail void on
the behaviour of piles has almost disappeared.

During the ‘consolidation’ stage (t = 5510 s to
t = 6500 s) settlement of the piles continues caused
by the decrease of the bentonite pressure in the tail
void. The settlement of the piles exceeds the settle-
ment of the surface and of the sand, which is caused
by a decrease of the strength of the soil around the
pile tip.

From t = 7200 s, when the grouting pressure is
increased, the settling of the piles goes on, except pile
1 which moves upward. Figure 3 shows that soil heave
is measured over a larger area, but the soil failure leads
to a further settlement of the piles 2 and 3. From Figure
3 and Figure 6 it can be deduced that the soil failure
has a large influence on the settlements. There is still
a settlement trough at t = 7200 s, but at t = 7300 s (at
approximately the same pressure, but after soil fail-
ure) heave is created above the tunnel. Pile 1 moves
upwards, but less than the surface and the top of the
sand. The capacity of the pile is increased, apparently
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in this case the soil strength does not decrease on top of
the tunnel. Pile 2 and 3 both move downwards, while
the surface and the top of the sand show heave. The
loss of capacity of these piles has to be explained by
loss of soil strength in the area next to the tunnel.

5.3 Inspection of the model after end of test

Figure 7 shows the model after removing the sand.
From the inspection it turned out that the penetration
depth of the bentonite into the sand was about 2 mm.
The bentonite slurry remains around the tunnel due to
the high yield stress. Reaching the limit pressure has
led to the creation of lobs on both sides of the tunnel.
At these locations a hydraulic fracture has occurred.
This probably explains the decrease of the capacity of
piles 2 and 3, placed aside of the tunnel.

The maximum pressure at which this fracture
occurred was in between 2,2 and 2,5 times the ver-
tical effective stress plus the pore pressure. More
detailed information about this result will be published
elsewhere (Bezuijen & Brassinga, 2001).

6 DISCUSSION

Surface settlements occur when the grouting pressure
is less or equal to 90% of the vertical total stress. This
means under the soil conditions tested it is insufficient
to use grouting pressures that avoid failure of the soil,
as for example can be calculated by (Leca & Dormieux
1990). It is really necessary to grout with a pressure
that is equivalent to the original soil stress to minimize
settlements. Increasing the grout pressure after settle-
ment of the soil surface has occured, has only a limited
effect unless the pressure is increased to such a level
that failure of the soil occurs. This is of course rather
tricky because such high pressures can easily lead to a
uncontrolable failure or blow-out of the grout.

The tests show that it is hardly to be avoided that
heavily loaded piles will settle during tunneling in the
neighbourhood of the pile tips. The moving of the out-
side tube of the model tunnel already led to settlement,
probably due to shear stress that is exerted on the sand.
This means that during tunneling not only the grouting
process but also the TBM itself can have an influence
on pile foundations. For the conditions present during
these tests, the influence decreases significantly within
a distance of 1 time the diameter outside the tunnel.

7 CONCLUSIONS

The tests lead to the following conclusions:

1. The grouting process can be modeled in a geotech-
nical centrifuge, not only by using a contraction

Figure 7. Model with bentonite after the test.

model but, more appropriate, also by really simu-
lating the grouting process with a model grout.

2. The grouting pressure has to be equal to the total
vertical stress at minimum to avoid surface and
pile settlement. High grouting pressures in the soil
are necessary to reduce significantly settlements
that have occurred before. Such high pressures can
easily lead to fractures.

3. Pile settlement will be significantly for the condi-
tions tested on within 1 time the diameter from the
tunnel. Pile settlement was sometimes reduced by
high grouting pressures resulting in soil failure, but
the tests showed that it is also possible, that such a
process leads to further settlements.

ACKNOWLEDGEMENT

The research described in this paper is commissioned
by CUR/COB. The authors want to acknowledge the
permission from these foundations to publish the
results.

REFERENCES

Bezuijen A. & Schier, J van der 1994. The influence of a
bored tunnel on pile foundations. Proc. Centrifuge 94.
Rotterdam; Balkema.

Bezuijen A. & Brassinga H.E. 2001. Blow-out pressures
measured in a centrifuge model and in the field. To be
published proc.IS-Kyoto 2001, Kyoto.

COB 2000. Tweede Heinenoord tunnel, evaluatierapport
K100-06, Gouda; CUR/COB (in dutch).

Leca E. & Dormieux, L. 1990. Upper and lower bound solu-
tions for the face stability of shallow circular tunnels in
frictional material, Geotechnique 40, 581–606.

Loganathan N, Poulos H.G. & Stewart D.P. 2000. Cen-
trifuge model testing of tunnelling-induced ground and
pile foundations. Géotechnique 50, No. 3, 283–294.

Poel J.T. van der & Schenkeveld F.M. 1998. A prepara-
tion method for very homogenous sand models and cpt
research, Proc. Centrifuge 98. Rotterdam; Balkema.

75

Copyright 2006 by Taylor & Francis Group, LLC

  

http://www.crcnetbase.com/action/showImage?doi=10.1201/9781439834268.ch11&iName=master.img-001.jpg&w=191&h=124


Grout pressures around a tunnel lining

A.M. Talmon & L. Aanen
Delft Hydraulics, Delft, The Netherlands

A. Bezuijen & W.H. van der Zon
GeoDelft, Delft, The Netherlands

ABSTRACT: At the rear of many tunnel boring machines an annular space is being created that has to be filled
with grout. The grouting process is of importance with respect to subsurface settlements. The grouting pressures
determine both the loading on the tunnel lining and the loading on the soil around the tunnel. Calculation models
are presented to calculate the pressure distribution in the grout directly after the tunnel boring machine when
grout flow determines the pressure and several meters from the tunnel boring machine when buoyancy forces
dominate.

1 INTRODUCTION

The Dutch government has decided to invest increas-
ingly in research and knowledge development in civil
engineering. This has lead to the establishment of the
Delft Cluster.

GeoDelft and Delft Hydraulics, together with par-
ticipating end-users, have initiated research to develop
an understanding of the flow processes involved in
grouting. The philosophy is to focus on the physics
of the rheological processes, and to incorporate these
in a mathematical model for the calculation of grout
pressures around a tunnel lining.

During drilling of a tunnel the grout is being
pumped in the annular space through a number of
inflow-openings that are distributed over the circum-
ference. This annular space is also called tail void.
Typical 6 or less injection openings are used. From
these injection openings, the principal grout flow takes
place in tangential direction to fill the tail void, see
Figure 1. The flow pattern is governed by continuity
and differences in flow-resistance. This flow pattern
is also influenced by time effects, because of ongoing
hydratation of cement and liquid loss.

An understanding of the fundamental behaviour of
the grout in the tail void is needed in order to relate
operational grouting conditions with grout pressures
in the tail void. Therefore grout flow experiments were
conducted first.

To controll soil deformations and forces acting on
the tunnel lining, the grout pressures in the first few
meters behind the tunnel boring machine have to be
matched carefully with the surrounding.

Grout injection
Tail void filled
with grout

Tunnel
lining

TBM

detail

vt

Figure 1. Schematization of grout flow pattern in the tail
void of a tunnel boring machine (TBM) moving at an advance
rate vt. The grout is injected by six equally distributed
injection openings. Dimensions not to scale.

2 MEASUREMENT OF GROUT FLOW
PROPERTIES

2.1 Grout flow experiments

The behaviour of grout is complicated and depends on
many factors. It is difficult to measure the rheological
properties of grout mixtures. Small-scale experiments
often fail because of the solid parts in the grout.
Interpretation of the outcome of such experiments
is difficult. One particular problem is that different
types of small scale testing apparatus, that aim at
the measurement of the same rheological properties,
produce different results. Therefore prototype-scale
experiments are set up where the flow conditions
along the most important trajectories (streamlines) are
simulated.
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Grout

Water

Pressure transducers

F
Q

Figure 2. Set-up 1-D grout flow experiments. The grout is
pressurized by a constant load acting on the piston at the
right. The grout is pushed forward by water being supplied
by means of a positive displacement pump. Dimensions are
not to scale.

The experimental set-up consists of a circular pipe
through which the grout is forced to flow, see sketch
Figure 2. The diameter of the pipe is comparable to
the dimension of the height of the tail void. The grout
is pressured by a piston (about 3 bar). A standard type
grouting mortar and a two-component chemical grout
(ETAC) are tested. Three different pipes have been
employed: a smooth pipe to simulate the roughness of
the tunnel lining, a rough pipe to simulate the surface
of the undisturbed soil, and a smooth but permeable
pipe to get rid of lubricating liquid films, sometimes
being reported in the literature, Mannheimer (1983).

2.2 Composition and small scale rheological
tests

The tested grouting mortar consists of a Portland
cement paste (including a superplastifier and some
bentonite) and aggregates (coarse sand with a max-
imum particle diameter of about 4 mm). The typi-
cal mixture composition of the main ingredients is:
water:cement:sand, 1/6, 1/12, 3/4 (weight ratio).

The two-component chemical grout mixture con-
sist of chemicals, clay-sand and some air. It does not
contain coarse aggregates, and is light weight. The
mixture has the advantage of a quicker hardening
and less volume reduction during hardening than
conventional grout.

At the beginning of the experimental program some
small scale consistency tests were conducted to deter-
mine the order of magnitude of the flow resistance of
the grout and the time scale of rheological changes.

One of our goals was also to determine the relation
between pressurization of the grout, liquid loss, and
associated change of rheological properties. Due to
experimental difficulties we did not succeed. However,
according to McKinley & Bolton 1999 the liquid loss
of cement grouts will lead to a consolidated layer at
the grout/soil interface. Such a layer has a higher shear
strength than the bulk of grout and a lower permeabil-
ity. Consequently liquid losses will stop. We expect
that such a consolidated layer does not significantly
affect frictional characteristics of the grout flow in the
tail void.

2.3 Results small scale rheological tests

Essential parameters to characterize grouts are yield
stress and viscosity, Tattersall & Banfill 1983.
Modelling as a Bingham fluid suffices. The time-
dependency of these parameters has to be accounted
for. A number of different apparatus were employed to
measure those parameters: Brookfield rotoviscometer,
Haake vane test, Torvane, slump test and pocket pen-
etrometer. The order of magnitude of measured shear
stresses are given below.

Brookfield rotoviscometer tests on conventional
grout produced shear stresses up to 300 Pa before hard-
ening commences. These results might be flawed by
wall slip, Mannheimer 1983.Yield stresses obtained by
Torvane tests and slump tests indicate yield stresses of
about 1 kPa and higher. When also some recent litera-
ture data is considered, Pelova 1996 and Ferraris & de
Larrard 1998, it is concluded that the yield stress of
fresh mortars is of the order of 1 à 3 kPa. Workability
of mortars is typically 4 hours.

Pocket penetrometer tests on the two-component
chemical grout indicate yield stresses up to about
10 kPa before hardening commences. Vane tests pro-
duced yield stresses one order of magnitude smaller.
The remolded shear strength measured by the vane test
is of the order of 0.1 kPa.

2.4 Results grout flow experiments

The flow properties of the grouts have been tested in
a pipe of 10 cm diameter and a measuring section of
about 5 m length. Grout pressures are measured by
8 pressure sensors distributed over the length of the
pipe. This set-up allows for the determination of time-
dependent frictional properties of grout flow.The shear
stresses on the wall are computed from the pressure
drop between sensors.

The granulometric composition of the coarse sand
fraction in the mortar is: d50 = 1 mm, d10/d60 = 0.2. It
was not possible to pump the grout mortar by means
of the positive displacement pumps available. Con-
sequently we divised a method in which the grout is
confined between two pistons, much like the method
reported by Ede (1957). The piston indicated on the
right of Figure 2 provides backpressure, the other pis-
ton separates the grout mortar from clear water that is
being pumped at a controlled flow rate by a positive
displacement pump.

In case of the two-component chemical grout, the
piston indicated at the left hand side of Figure 2 is
discarded. A flange with a mixing nozzle is mounted.
The two components are being injected by means of
the mixing nozzle. Two positive displacement pumps
were used to supply the two components.

A broad range of grout flow velocities (2 mm/s–
100 mm/s) was tested. The smallest velocity is compa-
rable to the advance rate of the tunnel boring machine
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Figure 3. Example of data obtained from 1-D grout flow
experiments: Portland type mortar, smooth pipe.

(TBM). Such velocities are expected at some distance
from the injection openings.At outflow from the injec-
tion openings, and in supply pipelines, the velocities
are about two orders of magnitude larger.

An example of the results of one of the test series is
given in Figure 3. It concerns the flow of grout mortar
in a smooth pipe. The wall stresses at three different
grout flow velocities are given. The grout pressures
varied in time and location. In the graph the results for
the wall shear stresses obtained from different pairs
of pressure sensors are given together with the root-
mean-square values.

The results show that wall shear stresses are an order
of magnitude smaller than the yield stress of the grout.
It is concluded that a lubricating film has formed along
the wall, the rheology of which will be governed by
cementious fluid in between the coarse grains of the
grout.

We also observed that fluid loss due to pressuriza-
tion of the grout strongly increases the flow resistance
in case of a rough pipe (roughness 200 µm). This is
due to grain contact between the grout and the rough
wall. This means in practice that in case of fluid loss to
the surrounding soil the shear stresses at the interface
grout/soil will be of the order of the yield stress of the
grout.

The grout flow experiments produced reliable data
on the flow resistance as a function of flow velocity.
These are, in combination with other data, input to
the mathematical model for the calculation of grout
pressures in the tail void.

3 CALCULATION METHOD

3.1 General features grout flow model

A 2-dimensional numerical model has been devel-
oped to calculate grout pressures as a function of the

number and position of the injection openings. The
finite difference technique is used to solve the flow and
pressure distribution. A shallow flow approximation
is employed. The flow is averaged over the thickness
of the grout layer. The thickness of the tail void is
assumed constant. The flow resistance is caused by
friction between the grout and the soil and between
the grout and the tunnel lining.

Because fresh grouts are characterized by a pour-
ing consistency (API 1967), no distinction is made
between grain and fluid stresses. The rheological
properties of the grout are modeled by a one-phase
viscoplastic Bingham fluid.The rheological properties
are a function of the time since injection.

The consequences of hydratation of cement are
accounted for by modelling the time-dependency of
the rheological properties. The consequences of fluid
loss from the grout to the surrounding soil are to
be accounted for by modelling the associated time-
change of rheological properties.

The normal stresses in the grout are assumed
isotropic. Internal shear stresses in the grout, due to
velocity differences with neighboring grid cells, are
neglected. The surplus grout being injected to com-
pensate fluid loss is not included in the continuity
equations of the model.

The model calculates the distribution of grout pres-
sures in an area covering the entire circumference of
the tunnel lining over a distance of one or more tunnel
lining segments adjacent to the rear of the TBM.

3.2 Grout flow model

The flow-field is calculated in a computational domain
moving with the TBM. The flow velocity components
with respect to the moving frame of reference are: Vs
and Vn. The s-co-ordinate is parallel with the tunnel
axis. The n-co-ordinate is directed tangential to the
circumference of the tunnel lining. The origin of the
coordinate system is at the rear of the TBM at the
crest. These orthogonal velocity components satisfy
continuity. Friction between the grout and the tunnel
lining and the undisturbed soil is responsible for pres-
sure losses in the tail void. In order to calculate wall
friction, the flow velocity (Us, Un) with respect to these
boundaries is considered:

with: νt = advance rate TBM (during excavation).
The two momentum equations that relate grout

pressures with frictional properties are:

in which: h = thickness grout layer, p = grout pressure,
ρ = density grout mixture, g = gravity, θ = inclination
angle.

79

Copyright 2006 by Taylor & Francis Group, LLC

  



To calculate the wall shear stresses τs and τn , the
shear rate of the grout flow at the walls has to be
considered. This shear rate is, in analogy to laminar
flow of Newtonian fluids in slit-geometry conducts,
approximated by:

The wall shear stresses are calculated by:

in which: η = apparent viscosity
The rheological parameters of the Bingham model

are the yield stress and dynamic viscosity. The relation
between the shear rate and the shear stress is given by:

with: τy = yield stress, K = dynamic viscosity.
The values of the parameters have been deter-

mined by the small scale rheological experiments
and the grout flow experiments. For two-component
grout special attention is needed for the influence of
air on the parameters. Due to ongoing hydratation
and cementation of the grout, the resistance against
deformation increases. The time-dependency has been
modelled by an exponential function (depending on
grout properties other functions can be chosen):

in which: τy0 = shear stress at t = 0, τy∞ = shear
stress at t = ∞, K0 = dynamic viscosity at t = 0,
K∞ = dynamic viscosity at t = ∞. In the model at
t = ∞ asymptotic rheological values are reached. The
validity of the model is however restricted to condi-
tions where the grout is still workable.

The apparent viscosity η of a Bingham fluid is given
by:

In case of extremely small velocities, the apparent
viscosity has been limited to η = τy/0.0001 to obtain
numerical stability.

In the mathematical model the wall shear stresses
on the tunnel lining and the soil are assumed equal.
To account for differences between these wall shear
stresses, the rheological parameters at input should
represent mean frictional conditions of both surfaces.

4 CALCULATED PRESSURE DISTRIBUTION
DIRECTLY AFTER THE TBM

Two different injection strategies are simulated. One
strategy in which six injection openings are distributed
equally, and one strategy in which only three injection
openings near the crest are employed. The three injec-
tion openings near the crest are located at 2, 10 and
12 hour positions. In case of six injection openings
these are located at 2, 4, 6, 8, 10 and 12 hour positions.
The input parameters are given in Table 1.

These rheological parameters are characteristic for
typical mortars employed in tunnelling. The yield
stress and dynamic viscosity are mean values of fric-
tion with the tunnel lining and the soil. The results are
not very sensitive to the value of the dynamic viscosity
because of creeping grout flow.

The calculated grout pressures are given in Figures 4
and 5. These calculations show that grout pressures in
the first tunnel lining segment rings behind the TBM

Table 1. Typical operational conditions grout injection.

Parameter Value

Outer diameter tunnel lining D = 10 [m]
Thickness grout layer h = 0.15 [m]
Drive speed TBM (continuous) vt = 1 [mm/s]
Soil pressure at crest tunnel 400 [kPa]
Yield stress at t = 0 τy0 = 1500 [Pa]
Yields stress at t = ∞ τy∞ = 2500 [Pa]
Dynamic viscosity K at t = 0 K0 = 50 [Pa s]
Dynamic viscosity K at t = ∞ K∞ = 75 [Pa s]
Time scale rheology changes T = 14400 [s]
Density of grout mixture ρ = 2000 [kg/m3]
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Figure 4. Calculated pressure distribution at rear of the
TBM: 6 injection openings equally distributed. Pressures at
0 and 4.1 m behind the TBM.
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are strongly influenced by the choice of active grout
injection openings.

The pressure distribution is nearly static when grout
is supplied by uniformly distributed injection open-
ings, with locally higher values in front of the injection
openings, Figure 4. When a small number of injec-
tion openings is used, the grout has to cover longer
distances. In that case the pressure distribution may
be affected to such an extent that the static pressure
contribution may be obscured completely, Figure 5.

The flow pattern is governed by continuity and dif-
ferences in flow-resistance. Continuity determines the
gross distribution of grout from the injection open-
ings, differences in flow-resistance govern local flow.
To explain the latter phenomenon consider a Newto-
nian fluid (=constant viscosity). Radial outflow will
take place near injection openings. The drag due to
the velocity difference between moving grid and sta-
tionary frictional boundaries (the walls) is everywhere
the same in the tail void. Consequently this will not
lead to deviations from radial outflow. The pressure
field however will show under-pressures created by
the advancing TBM. In case of shear thinning fluids,
such as Bingham fluids, the viscosity is a function of
the velocity difference with the stationary walls. Con-
sequently the flow has the tendency to shift to regions
where the velocity difference is largest.This is the case
in a zone adjacent to the rear of theTBM. Consequently
transverse flow will dominate.

When the forward movement of theTBM is halted to
mount tunnel lining segments, the duration of the inter-
ruption of the grout injection is an important factor,
because of ongoing aging of the grout. It is also pos-
sible to calculate consequences on grout distribution
and pressure field. The sample computations given in
Figures 4 and 5 do not include such interruptions.
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Figure 5. Calculated pressure distribution at rear of the
TBM: 3 injection openings near the crest. Pressures at 0 and
4.1 m behind the TBM.

5 FIELD DATA, COMPARISON WITH
CALCULATION RESULTS

The results from the finite difference model give
insight how the injection pressure can influence the
average value of the grouting pressure and how the
pressure distribution directly after the TBM can be
influenced by the number and position of the injection
openings. However, the pressure distribution further
from the TBM, but before the grout is hardened, is
influenced by buoyancy and the stiffness of the tun-
nel lining and cannot be influenced by the number and
position of the injection openings.

A nearly linear pressure distribution has been found
in the grout further from the injection openings, Fig-
ure 6. However, the pressure increase with depth does
not correspond with the density of the grout, but is
less. This is caused by buoyancy forces acting on the
tunnel lining.

The buoyancy of the tunnel lining induces side-
ward and downward forces on the grout. Provided that
opposing wall shear stresses are smaller than the yield
stress of the grout, an upward movement of the tunnel
lining is prevented. In the tail-void, the equilibrium of
pressure gradient and wall shear stresses is given by:

with: p′ = deviation from static grout pressure.
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Figure 6. Measured and calculated grout pressures at two
different times. (A) just after the TBM when the pressure
and the position of the injection points dominate and (B),
where the influence of the buoyancy force on the tunnel
lining dominates the pressure distribution. Measured and cal-
culated pressure are considerably lower than according to the
hydrostatic pressure that is also presented in the figure.
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Integration of p′ and τn over the circumference
gives:

with: F = net buoyancy force per unit length.
With these two equations it is possible to calcu-

late grout pressures due to buoyancy. Figure 6 shows
results of calculations compared with measured grout
pressures for two situations.

For the situation (A) just after the TBM when the
injection pressure and the position of the injection
openings dominate, the yield stress is fitted to the
measurement data to get the best agreement.

For the situation (B), where the influence of the
buoyancy force of the lining dominates the pressure
distribution, it was assumed that the buoyancy force is
the only uplift force that has to be counteracted by the
grout. In reality the clamping between various lining
elements and the weight of theTBM will also influence
the uplift force on the lining elements. Therefore the
measurement points give a bit higher pressure than the
calculation.

6 CONCLUSIONS

Relations between grout injection, the rheological
properties of the grout and grout pressures in the tail
void have been quantified.

It has been shown that it is possible to calculate the
pressure distribution at the rear of the TBM, where
filling of the tail void is most critical. It has also been
shown that it is possible to calculate the pressure distri-
bution farther from the TBM where buoyancy effects
are important.

Our understanding of the fundamental behaviour of
grout flow in the tail void will be verified by dedicated

monitoring of a railroad tunnel being constructed in the
Netherlands.

Attention should be given to validation of the
simplifications we allowed for in the 2-D model.

Special attention is needed with respect to rheolog-
ical characterization of grouts, change of rheological
properties, consequences of fluid loss and frictional
properties at the grout/soil interface.
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ABSTRACT: During drilling, grout pressures were recorded on a tunnel lining measuring 9.5 m in diameter.
Two tunnel rings were fitted with pressure gauges (14 gauges per ring). Measurements were performed for more
than one day. Final hardening of the grout did not occur during this time. The lowest pressures were measured
at the start of the drilling process after completion of the ring. Results show that the grout pressure distribution
is dominated by injection during drilling, but this distribution changes when drilling stops and buoyancy forces
start to exert an influence. The influence of buoyancy forces increases further away from the injection points.
Bending moments in the tunnel lining also influence the gradient in the grout pressure distribution.
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1 INTRODUCTION

Since 1996, the Centre for Underground Construction
(COB) in the Netherlands has initiated a substantial
amount of practically-oriented field and desk research
(Bakker et al 2001). One of the main issues in this
research was settlement control and its prediction.
As pressure control at the front of slurry type TBMs
is generally properly controlled nowadays, the focus
must now be on improving process control for backfill
grouting in the annular tail void in order to increase set-
tlement control. Research findings so far have shown
an evident qualitative correlation between the quality
of the grouting process in the annular tail void at the
back of theTBM, and settlements. However, this corre-
lation has not yet led to a quantified relationship. With
plans underway to construct a metro tunnel underAms-
terdam’s historic city in coming years (Kaalberg et al
2001), the autonomic government policy for ongoing
tunnelling research is given additional support.

COB therefore took the decision to define addi-
tional field and desk research at the Sophia Rail

Tunnel (4.2 km twin bore tunnel, external diameter
9.5 m). One of the main objectives of this research
is to increase knowledge about the injection, flow
and hardening process of the backfill grouting to
obtain a more constant, reliable and predictable settle-
ment control for future projects in urban environments
worldwide.

Another main research topic is the behaviour of the
tunnel lining during construction. Damage occurring
at segmental joints is sometimes seen, originating pri-
marily from joint design but presumably also from
fluid grout loads in the annular tail void.

To tackle both these issues in a single field research
project, two complementary ways of monitoring the
grouting process were defined. The grout pressures at
the back of the TBM were measured continuously, and
one cross section was defined where building, surface
and subsurface instrumentation are installed. Two tun-
nel rings (one in each tube) are also circumferentially
fitted with grout pressure sensors in the lining.

The aim is to instantaneously analyse the grout pres-
sure distribution around the tunnel, both behind the
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TBM and at a greater distance. This information will
later be used as input to further calibrate and validate
earlier developed 4D FE models (van Dijk & Kaalberg
1998) for settlement prediction and lining calculations.

In this paper, the monitoring data of lining sensors
for the first and second TBM passage are described
and analysed, and grout pressures are calculated using
a grout flow model.

2 THE SOPHIA RAIL TUNNEL

The Sophia Rail Tunnel is one of three bored tunnels
along the Betuwe route. It consists of two single rail
tubes with an outside diameter measuring 9.5 m, and
a concrete lining with a thickness of 0.4 m. The tunnel
crosses three polders and the River Noord (a branch of
the River Rhine), and is located some 20 km southeast
of Rotterdam. More information on the location of the
tunnel and its design features can be found in Stive
(1999).

The tunnel section were the measurements were per-
formed was situated in the IJsselmonde Polder west of
the River Noord, where the tunnel is at a constant depth.
The polder is an agricultural area. A few houses are
located close to the tunnel trace and the measurement
location. These houses do not have deep foundations
and have no influence on the tunnelling process.

At the location where the measurements were car-
ried out, the 12-m-thick Holocene top layer consists
of peat (2/3) and clay (1/3). The distance between
the tubes is 10 m. Underneath the top layer is a
medium density sand layer of Pleistocene sand meas-
uring 10.7 m in thickness. Underneath this sand layer is
the Kedichem layer, which consists of a layer of peat
and silty clay at the measurement section. A cross-
section of the tunnels and the soil layers is shown in
Figure 1. Surface settlements were measured at various

Figure 1. Cross-section of the Sophia Rail Tunnel and soil layering at the measurement location.

locations in the same cross-section where the instru-
mented ring fitted with grout pressure transducers was
placed. Piezometric head was measured using pore
water transducers (see Figure 1 for the locations). The
piezometric head appeared to be at the same level at
different depths, approximately 1 m below the ground
surface. The measured fluctuations in the piezomet-
ric head were less than 5 cm before drilling started.
The overburden pressure at the crown of the tunnel is
approximately 200 kPa.

The measured surface settlements above the instru-
mented ring were limited to less than 5 mm. At some
locations, there was even a few millimeters of heave.

3 THEORY

Before hardening, grout can be described as a Bingham
liquid. However, its properties change with time. Vis-
cosity and yield stress increase. Talmon et al (2001)
presented a flow model describing the pressure dis-
tribution around a tunnel lining caused by grout flow,
and as a function of the discharge through the injection
points.

However, a Bingham liquid can withstand shear
stresses without flow (whereas a Newtonian fluid can-
not). This means that also without flow, the hydrostatic
pressure distribution is not necessarily present. In the
case of grout around a tunnel lining, the lining will
move upwards due to buoyancy forces. It can only
move if the grout is pressed down. This will be pre-
vented by the shear stresses between the soil and the
grout. From our experiments and analysis of field mea-
surements, Talmon et al (2001), we have concluded
that the shear stress between concrete and grout is
much smaller than the shear stress between soil and
grout.The former can therefore be neglected.The rela-
tionship between shear stress and pressure caused by
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that shear stress can be derived from Figure 2, and
results in:

where �P is the pressure change caused by the yield
stress τ, R is the radius of the hole made by the tunnel,
s is the thickness of the grout layer, and α the angle
indicated in Figure 2. Assuming that the grout flows to
the bottom of the tunnel from a location with a certain
angle α, the total pressure drop by the yield stress is:

This excess pressure that increases with α will result
in a downward directed force on the tunnel. This com-
pensates the buoyancy force K. For a small segment,
it can be written as:

Combining Equations (2) and (3) and integration over
the two half circles leads to:

Using this last equation, it is possible to calculate the
yield stress that must be present to prevent upward
movement of the tunnel lining until it touches the
ceiling of the hole drilled due to buoyancy force.

If the actual yield stress τ is larger than the result of
Equation (4), then there will be only limited movement

grout

dα 

α 
dK

buoyancy
force

tunnel lining
∆p

τ

Figure 2. Scheme to calculate the pressure distribution due
to buoyancy forces.

of the tunnel and Equation (2) using the result of (4)
gives the influence on the pressure distribution. With-
out shear stress, the pressure will increase according to
a hydrostatic pressure distribution. Equation (2) leads
to a pressure that is highest on top of the tunnel, and
which thus counteracts the hydrostatic pressure. The
resulting pressure gradient will therefore be less than
the hydrostatic gradient.

4 MEASUREMENT PROCEDURE

Several segments in one tunnel ring consist of
an instrumented ring where pressure sensors were
installed. The positions of the sensors in the ring are
shown in Figure 3.

These pressure sensors in a stainless steel hous-
ing (see Figure 4) were permanently positioned using
epoxy resin in holes drilled in the concrete segments.
They can be used for measurements even after initial
pressure monitoring. Before installation and mea-
suring, a complete system test and calibration was
carried out. One segment underwent a competency and
waterproofing test by applying a pressure of 1 MPa
for 24 hours. The remaining segments consequently
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Figure 4. Cross-section of pressure sensor as mounted in
the lining during the experiments.
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underwent a competency and waterproofing test by
applying a pressure of 0.25 MPa for 2 hours.

The pressure sensor is the Labom type DE1680-
A4001-L19, with a measuring range of 1 MPa and an
accuracy of 0.25% full-scale (2.5 kPa).The sensor con-
sists of a flat membrane (50.8 mm diameter) placed on
its outer surface. The membrane is placed 4 cm below
the outer surface of the segment to prevent damage
by the steel brushes at the end of the TBM shield as
it passes by. To prevent airlocks, the space above the
membrane is filled with the same grease used to seal
the tail end.

During the measurements for the first tunnel tube,
the sensors were sampled at 25 Hz. The relatively
high frequency sampling of 25 Hz was used to meas-
ure possible high frequency events. Analysing the
data, including Fourier transform, showed that such
events were not present in the measurements. There-
fore, a considerable data reduction of 1 of 500 samples
could be used without loss of significant data. Dur-
ing the measurements for the second tunnel tube, the
measuring frequency is reduced to 2 Hz.

The data acquisition system is based on an internal
PC card (Keithley DAS 1802). This card controls the
sensors and collects and archives the measured data.
The internal PC card is connected to a signal condi-
tioning box on which the sensors are connected. To
reduce the risk of losing measurements, each sensor is
connected to the signal conditioner box with a separate
signal cable (instead of a bus system where one cable is
used to connect all sensors). While the measurements
are being taken, the results are presented online on a
computer display in a graphical and tabular form. The

Figure 5. Outline of data measuring system (only 3 of the
14 sensors are shown).

measurement system used is shown schematically in
Figure 5.

Data is recorded while the segment is still within the
TBM shield. Measurements are continuously logged
for 15 hours during the first phase, and for 30 hours
during the second phase.

5 RESULTS

5.1 Pressures versus time and versus displacement

Measured grout pressures are shown in Figure 6 as a
function of time together with the drilling velocity.
The grout pressure is shown with respect to atmo-
spheric pressure.The pressure is initially zero when the
sensors are still in theTBM. Just before 06:00, the pres-
sures become rather irregular as the instruments pass
through the grease and brushes at the tail end of the
TBM. There is a pressure jump at 06:00 as the instru-
ments arrive in the tail void and the grout pressure
is measured. This figure shows that grout pressures
increase during drilling when grout is injected, but
decrease during periods of standstill (probably due to
dewatering of the grout into the soil).

Only half of the instruments are shown because the
number of lines would lead to confusion if results from
all the transducers were shown. Just before 05:00, the
grout pressure transducers pass through the first tail
brush. At approximately 06:00, they reach the grout.
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Figure 6. First tunnel tube: drilling velocity and measured
grout pressures at the right side of the tunnel as a function of
time.
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After completion of drilling for that ring, the grout
pressures decrease until drilling for the next ring starts
at approximately 07:30. The segment width of a tun-
nel ring in the longitudinal direction of the tunnel is
1.5 m. In the decreasing pressure, a sharp rise or fall
in pressure can be distinguished. Analysis of the mea-
surements showed that this was caused by the ring
building process. The rise or fall could be associated
with movement of the plungers of the main jacks whilst
the tunnel lining segments were being positioned.

What is remarkable is the dip in grout pressure, mea-
sured by all transducers just before drilling for a new
ring started. The reason for this dip can be seen in Fig-
ure 7. This figure shows the drilling velocity and the
number of strokes of the grout pumps per second as
a function of displacement in the upper plot. It can
be seen that when drilling started (the velocity jumps
from zero to a certain value), the grout pumps do not
start immediately. The first drilling is therefore carried
out with too little grout, leading to a sharp decrease in
the grout pressure. Once the pumps started, the grout
pressure increases again.

5.2 Polar plots and gradients

Figure 8 shows the measured pressures at different
times in a polar plot, and the distribution of pressures
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Figure 7. First tunnel tube: drilling velocity, strokes per sec-
ond of the grout plunger pumps, and grout pressures as a
function of the displacement (a moving average over 25 points
was taken for the data on the plunger pumps to reduce data
noise).

as a function of height. Actual drilling took place at
06:19:30 and 08:00:00, and there was standstill for
the other points. The measurement time is presented,
together with the time since the pressure transducers
started to measure grout pressures (shown in brack-
ets). Both plots showed that the pressure distribution
is as expected. The pressure increases more or less lin-
early with depth. The pressure distribution is virtually
the same on both sides of the tunnel, although there
is some difference between both sides for the 07:00
measurement. What is remarkable is that the pressure
gradient in the vertical direction is not constant in the
measurements.The slope of the line in the lower plot of
Figure 8 changes with time. The results shown in this
paper are from measurements taken in one ring. This
means that after installation, the same grout will be
present during the measurement. If only the hydrostatic
pressure in the grout determines the pressure distribu-
tion, then the gradient should be constant. However,
more aspects play a role (see Section 3, Theory) and
will be elucidated further in Section 7, Discussion. To
investigate the gradients which did occur, the pressure
gradient in the vertical direction was calculated using
the least square method over all measurement points.
The results are shown for the first tube in Figure 9,
together with pump activity by the pump for grout
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by the plungers in the TBM (lower plot). A positive momen-
tum means that the forces on the lower part of the tunnel are
higher than on the upper part.

injection line A1 (the pump for A1 was selected to
be reference when the pumps are on, although another
pump could also have been chosen). The results show
that the vertical pressure gradient generally decreases
in time, and thus also as the distance between the TBM
and the instrumented ring increases.

It is noticeable that up to 12:00 when drilling starts
(and therefore activity from grout pump A1), there is
a sharp increase in the pressure gradients. There is a

decrease for the last rings. Possible explanations are
dealt with in Section 7, Discussion.

The gradients were also determined for the second
tunnel tube. The results for this tube are shown in
Figure 10. For the second tunnel tube, it was possi-
ble to take measurements over a longer period where
more tunnel elements were placed. The date is also
given because the measurement was performed over a
two-day period. The results from this second tube were
closely comparable to the results from the first tube,
although the gradient resulted in even lower values.
This will also be dealt with in Section 7, Discussion.

6 GROUT RHEOLOGY

The rheological properties of the grout are an impor-
tant factor with respect to backfill grouting. The grout
has to distribute uniformly around the tunnel lining,
and has to provide resistance against uplift forces
further behind the TBM. Grouts are basically hyper-
concentrated two-phase solid-fluid mixtures, where
fine cement, fly ash and other additives lower the
permeability of the grout. Essential parameters char-
acterising the flow properties of grouts are yield stress
and viscosity. Modelling as a Bingham fluid suffices.
The yield stress is the governing parameter in the
tail void because of small flow velocities. The time-
dependency of the yield stress has to be accounted for
when back-filling. The yield stress of fresh grout mor-
tars is typically in the range 1–3 kPa. This relates to
failure of the grout interior. Workability of mortars is
typically four hours.

The grout used at the Sophia Rail Tunnel is a grout-
ing mortar made in accordance with specifications.
With respect to frictional properties, the experiments
described in this section showed that a distinction can
be made between flow along smooth impermeable
boundaries, and flow of pressurised grout along gran-
ular soil: along smooth impermeable boundaries, the
flow of grout encounters little resistance (pipes, flex-
ible hoses). This is due to the occurrence of a tiny
lubricating liquid film.

Along soil boundaries, the friction is higher and is of
the same order as the yield stress (this is our conclusion
after analysing measured grout pressure distributions
in tunnelling projects: Bezuijen & Talmon 2001 and
Talmon et al 2001). A lubricating liquid film cannot
develop as the grout pressure is higher than the pore
pressure of the soil around the tunnel, and the liquid
flows into the soil. As a result, the shear stress remains
high and is governed by the internal failure mechanism
of the grout.

Grout was collected from the production facility for
rheological testing.The samples were taken just before
the grout was sent to the TBM. The yield stress of the
grout was determined by vane testing. The results of
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a number of consecutive vane tests on one sample are
given in Figure 11. The rotational speed of the vane
is given on the abscissa. The measured shear stress as
measured with a rotoviscometer (Haake M1500, vane
FL10) is shown on the ordinate of the graph. In the
first part of the experiment, the rotational velocity of
the vane increases linearly with time (from zero up to
0.05 rad/s in 1 minute). During this part of the exper-
iment, the stress increases until a peak is reached. A
breakdown of the grout’s internal structure then com-
mences because a slip plane is produced. This peak
represents the shear stress required for characterising
the yield stress at the grout-soil interface. In the sec-
ond part of the experiment (when the rotational speed
remains constant for 5 minutes), further breakdown
of the internal structure in the slip plane occurs. In
the third part of the experiment (when the rotational
velocity decreases linearly to zero within 1 minute), the
shear stress is constant. This shear stress is represen-
tative for the flow along smooth surfaces, such as the
tunnel lining and pipe walls (the slip plane produced
by the vane is smooth).

From Figure 11, it can be concluded that the final set
of grout (hardening) commences after approximately
5.5 hours. After this time, the yield stresses increase
quasi-linearly with time. During the first period of
the final set (shown in Figure 11), the grout still has
fluid-like properties that are quantified by increased
rheological properties. In this case, the final set com-
mences close to finalisation of drilling of the second
ring following grout injection (transit of the grout from
the production facility to the TBM takes about one
hour).

Another way to obtain data on friction with smooth
surfaces is by pipe-viscometer testing. The flow
resistance of back-fill grouts was measured in a
pipe-viscometer with an inner diameter of 100 mm
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Figure 12. Example of data obtained from pipe-viscometer
grout flow tests: portland-type mortar, smooth pipe, (see text).

(Talmon et al 2001). A range of grout flow velocities
(2 mm/s–100 mm/s) was tested. The smallest veloc-
ity is comparable to the advance rate of the TBM.
Such velocities are expected at some distance from
the injection openings. In the immediate vicinity of
the injection openings and in the supply pipelines, the
velocities are approximately two orders of magnitude
larger.

An example of results from one of the test series is
given in Figure 12. It concerns the flow of grout mor-
tar in a smooth pipe, fitted with pressure gauges. The
graph depicts the results for the wall shear stresses
obtained from different pairs of pressure gauges,
together with the root-mean-square values.

The results show that wall shear stresses are an order
of magnitude smaller than the yield stress of grouts.
It can be concluded that a lubricating film has formed
along the wall, the rheology of which will be governed
by cement-like fluid in between the coarse grains of
the grout. Consequently, such tests only produce data
on flow resistance between the lining and the grout,
and of course in supply pipes. The latter is important,
because grout pressures in most TBMs are monitored
using pressure gauges mounted on the supply lines.

Apart from hardening, the rheological properties of
the grout can also be determined by fluid loss of the
grout due to dewatering. Research is currently under-
way into ways of quantifying this dewatering and the
influence on grout properties.

7 DISCUSSION

7.1 Total or pore pressures

When taking field measurements, it may be neces-
sary to compromise between the ideal measurement
location and a location where the sensors can survive.
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Looking at the location of the membrane as shown in
Figure 4, two questions can be raised:

1. What is the influence of the grease between the
grout and the membrane on the measurement
results?

2. What is the pressure measured, a pore pressure or a
total pressure?

Shear stresses that develop between the grease and
the casing can influence the measurement results.
However, we have no indication that this has happened.
As can be seen from the measurement results, Figure 6
and Figure 7 also show small fluctuations that would
not be present if the results were influenced by shear
stresses. The stiffness of the casing and membrane is
such that the pressure is transferred from the grout to
the membrane without significant deformation of the
grease. Such a deformation would be necessary before
shear stresses can develop.

It is argued in literature that these relatively small
pressure gauges only measure the pore pressures, and
not the total stress. This particularly occurs when there
has been some hardening of the grout. Special, rela-
tively large sensors have been developed to measure
the total stresses (Hasimoto et al 2002). However, the
sensors used in the field tests described in this paper
also measure total stresses. Due to the viscosity of
the grease, it cannot penetrate into the grout along the
grains of the grout. The stress on the grease is there-
fore the pore pressure exerted by the pore fluid and the
grain stress exerted by the grains, i.e. the total stress.
There was no bridging of the grout grains (which would
lead to a lower effective stress near the sensor than
elsewhere in the grout) due to the stiffness of the meas-
urement device. If the pressure gauges only measured
the pore pressures it would be impossible to measure
a gradient lower than 10 kPa/m.

The arguments presented above are no real proof
that the grease has no influence and that a total pres-
sure is measured. This, however, was confirmed by
the measurement results. The measurement results
would be difficult to explain if the grease had exerted
an influence or if only pore pressures had been
measured.

7.2 Pressures

At the location of the instrumentation, the estimated
effective pressure on top of the tunnel lining was
approximately 200 kPa (2 bar) (Bezuijen & Talmon
2001). This is close to the grout pressure applied dur-
ing drilling on top of the tunnel (instrument Bb in
Figure 6 and Figure 7). When drilling stops, the grout
pressures decrease. This decrease is largest at the pres-
sure gauges at the lower part of the tunnel. This will
be the reason that the reported settlements at this ring
were only limited.

The lower plot in Figure 8 shows that the grout
pressures are above the pore pressures at that loca-
tion, although the difference is only small for the last
measurement (time = 16:59:52). It also shows clearly
that the measured pressures are always lower than
the hydrostatic pressure in the grout if a 2 bar grout
pressure is assumed at the top.

7.3 Gradients

The grout pressure on top of the tunnel is an important
parameter that influences the surface settlement. The
vertical pressure gradient is important for understand-
ing the grouting process, but together with the absolute
pressure, also determines the stress distribution in
the soil. The latter is important for understanding
soil-structure interaction for adjacent foundations.

The volumetric weight of the grout used was
21.5 kN/m3. In case the hydrostatic pressure deter-
mines the vertical pressure gradient, the gradient
should be 21.5 kPa/m. As can be seen from Figure 8
and Figure 9, this value is never reached during these
measurements.A likely reason for this discrepancy are
the buoyancy forces explained earlier. When there is
also still a grout flow however, the pressure distribu-
tion will not be a hydrostatic distribution (Talmon et al
2001). During drilling, the pressure distribution close
to the TBM is governed by the grout flow from the
grout injection points around the tunnel lining. If there
is a downward directed flow, the pressure (corrected
for hydrostatic pressures) has to decrease to maintain
the flow.

The flow model described by Talmon et al (2001)
was used to simulate the grout pressures. The param-
eters used are summarised in Table 1. The density and
rheological parameters of the grout were determined
from samples taken from the construction site. The
shear stress as determined with the vane tests was used
to describe the friction between the grout and the soil.
The result from the pipe flow tests was used for the
friction between the grout and the lining. The distribu-
tion of grout injection flow rates over the six injection
ports A1 to A6 (see Figure 3) has been read from the
strokes made by the grout delivery pumps (see Fig-
ure 7). As a representative distribution, the following
values were used: A1 = 0.2, A2 = 0.133, A3 = 0.133,
A4 = 0.133, A5 = 0.2, A6 = 0.2, these values are rela-
tive to the whole flow rate, which is set to 1.0. Together
with the flow resistance of the grout, this distribu-
tion governs the deviation of the pressure distribution
from hydrostatic. The vane-measurement results (see
Figure 11) revealed that the yield stress was 800 Pa up
to a grout age of 5.5 hours. Once this age was reached,
the yield stress began to increase. At an age of 7.5
hours, the yield stress was 1.8 kPa and increased with
time. The input parameters of the flow model are listed
in Table 1. The results are given in Figure 13 and show
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Table 1. Parameters used in grout flow calculation.

Parameter value dim.

Diameter lining (D = 2R) 9.45 m
Thickness grout layer (s) 0.16 m
Density grout (ρgr) 2190 kg/m3

Yield stress at grout-lining interface, 0.1 kPa
at injection
Yield stress at grout-soil interface, 0.8 kPa
at injection
Onset hardening, time since injection 4.5 hour
Hardening rate grout 0.4 kPa/h
Grout pressure at top 1.8 bar
Drilling velocity 7.2*10−4 m/s
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Figure 13. First tunnel tube: measured and calculated grout
pressures compared during drilling (see text).

close correlation with measurements obtained during
drilling. In Figure 13, the measurement legend shows
the measurement time, the time elapsed since the grout
pressure transducers entered the grout, and the dis-
tance to the back of the TBM. The distance to the back
of the TBM is given for the calculations only. There is
slight asymmetry in the calculation model.This results
in a small pressure difference at 180 degrees in the
calculated pressure in the polar plot. In the lower plot,
this asymmetry results in two lines for each calcula-
tion (one for 0 to 180 degrees, and one for 180 to 360
degrees). This is an artefact of the numerical model
only. The two lines are presented to show the accuracy
of the solution procedure used.

Table 2. Additional parameters used in calculations.

Parameter Value dim.

Thickness lining (sl) 0.4 m
Density concrete 2400 kg/m3

Grout pressure at top 1.8 bar

The model described to calculate the influence of
the buoyancy forces on the pressure distribution does
not predict a constant vertical pressure gradient as
measured. The gradient is assumed to be constant over
the circumference (Equation (1) showed that dP/dα
is constant) and would therefore vary over the tunnel
height. The maximum gradient is found at 90 and 270
degrees (see Figure 8, upper plot). At these points, the
gradient can be written as:

With ρgr the density of the grout and g the acceleration
of gravity.

The additional parameters used in this calculation
to calculate the gradient are presented in Table 2. The
grout pressure at the top is now lower, because this
pressure decreases when grouting stops.

Using these parameters, it can be calculated that the
buoyancy force K = 1239 kN/m. Using Equation (4),
this results in a shear stress τ of 2.22 kPa between the
soil and the grout. Using these results and Equation (5),
the maximum gradient is found to be 7.6 kPa/m if
buoyancy forces only determine the gradient. This
is less than the minimum gradient measured during
standstill for the first tunnel tube (Figure 9). There-
fore, it can be concluded that the measured gradient for
that tube is also influenced by moments in the lining
as it is fixed by the TBM on one side and the hard-
ened grout on the other. For the second tube where the
measurement interval is longer (Figure 10), the gradi-
ent during standstill is equal to the calculated buoyancy
gradient.

These buoyancy calculations led to another result.
The calculated shear stress is more than the yield stress
measured (see Section 5: Results). This means that the
tunnel would not be stable and would be lifted by buoy-
ancy forces. Another way to look at the results is to
determine the yield stress in the grout from the meas-
urements. If the rheological properties of the grout are
the same as for water, the gradient would always be
21.5 kPa/m with or without drilling. Assuming that
the tunnel attempts to move upwards due to buoy-
ancy forces, the minimum measured gradient results
in a mobilized shear stress using Equation (5). This
can be less than the yield stress, but not more. From
using Equation (5) it can be concluded that a measured
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gradient of 12 kPa/m around 08:00 (see Figure 9) cor-
responds with a minimum yield stress of 1.5 kPa. The
minimum in the gradient measured just after 12:00 of
7.6 kPa/m means that the yield stress is then 2.2 kPa
or more. These values for the yield stress are higher
than measured with the vane. Possible reasons for these
discrepancies are:

The rheological parameters are determined by
atmospheric pressure. Dewatering in the field situation
can lead to higher yield stress.

Based on flow experiments, the shear stress along
the tunnel lining and the grout is neglected. It is
possible that this changed in no-flow conditions.

From the measurements presented here, it appears
too simple to state that the pressure distribution close to
the tunnel is governed by the TBM and that buoyancy
is dominant further away. The pressure close to the
TBM is dominated by the grout flow during drilling,
but is influenced more by buoyancy during standstill.
The model presented on the buoyancy is purely 2-D. It
only takes one ring into account and not the possible
bending moment along the tunnel axis. This appeared
to have a substantial influence close to the TBM. Fur-
ther away from the TBM, however, the influence of the
bending moment in the lining decreases during stand-
still and the gradient approaches the value calculated
with Equation (5).

During actual drilling, the gradient is highest in the
first lining elements that were placed after the instru-
mented ring. When the TBM is further away from the
instrumented ring, however, the gradient is lowest dur-
ing drilling. These low gradients can be seen around
12:00 and 14:00 for the first tunnel tube, and for the
lining elements placed at 28,00:00 hour and later for
the second tube (see Figure 9 and Figure 10). The high
gradients in the grout pressure close to the TBM are
caused by the injection strategy. An even distribution
of grout over the lining will lead to a hydrostatic pres-
sure distribution. There was no even distribution here
as more was grouted to the top than to the bottom
(see Figure 6). The pressure gradient was therefore
slightly smaller than according to hydrostatic pressure.
As distance increases from the TBM, the grout flow
has virtually no influence on the pressure distribution.
Buoyancy forces will be dominant for the pressure gra-
dient in the grout, as well as forces exerted by theTBM
on the lining, which can lead to lining movements and
consequently a change in the pressure distribution e.g.
if larger jack forces are used in the bottom part of the
TBM to compensate for a tendency to penetrate too
deeply because of its weight.These forces will induce a
moment in the lining and will lead to lining movement
until the pressures on top of the lining have increased to
compensate for this moment. This latter effect leads to
the extremely low pressure gradients measured during
actual tunnel drilling. This is also shown in Figure 10.
The lower plot shows the momentum exerted by the

TBM on the lining.This momentum is calculated using
the pressures and positions of the 28 main hydraulic
plungers used to push theTBM forward against the lin-
ing during drilling. The result is presented on the same
time scale as the gradient in the upper plot. The plot
shows that the momentum increases by drilling, mean-
ing that larger forces are used at the lower half of the
tunnel than on the upper half. It can be seen from the
plots that a change in momentum does not directly
influence the gradient in the grout pressure, but if
the change is present over some time (as is the case
during drilling), it will influence the grout pressure
gradient.

8 CONCLUSIONS

The grout pressure measurements presented in this
paper and comparison with calculations lead to the
following conclusions:

1. Reliable measurements were obtained for the grout
in the liquid phase and the start of the hardening
phase. Measurements were taken over too short
a period to provide data for the whole hardening
phase of the grout. It is also uncertain whether the
instrumentation used would survive the hardening
phase.

2. It is likely that total stresses were measured, and this
corresponds with the measurement results.

3. The grout pressures are not only influenced by
the injection strategy and flow, but also by forces
exerted on the lining during placing of segments or
drilling.

4. Drilling commenced before start of the grout injec-
tion pumps. This led to a decrease in grout pressure
at the start of drilling. This pressure decrease could
be measured up to 5 m behind the TBM.

5. Injection strategy can influence the pressure dis-
tribution close to the TBM (<5 m) during drilling.
During standstill and further away from the TBM,
buoyancy forces and bending moments in the lin-
ing govern the pressures. This results in pressure
gradients considerably lower than those determined
according to hydrostatic pressure distribution in the
grout.
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Grout the foundation of a bored tunnel

A. Bezuijen
GeoDelft

A.M. Talmon
WL/Delft Hydraulics

ABSTRACT: Grout pressures are influenced by consolidation. A test method has been developed to measure
the consolidation properties of grout and a calculation model to quantify the influence of consolidation on the
grout pressures. The consolidation of the grout and the properties of the surrounding soil determine the grout
pressure decrease during stand still of the TBM and the final pressures.

1 INTRODUCTION

The foundation of bored tunnels is assured by grouting
of the tail void surrounding the lining. The grouting
determines the loading on the lining and is one of the
influences that determine surface settlement. Looking
at grout from a foundation point of view it is not a
‘great’ foundation material. Usually 30% more grout
than the volume of the tail void has to be applied and
after applying the grout its volume can be reduced with
5 to 10% due to bleeding caused by consolidation.
Furthermore, the grout pressures as measured during
grouting and afterwards are not very well understood.

Based on this situation it was decided by the
COB (Centre of Underground Construction) in the
Netherlands and Delft Cluster (a foundation in which
the leading Delft Institutes on civil engineering
co-operate) to perform field measurements and model
tests on the grouting process.

Field tests were performed by instrumentation
of one of the lining elements and measuring the
grout pressures during boring and afterwards. The
grout pressures during drilling could be explained
by a flow model taking into account the Bing-
ham flow properties of the grout and the hardening
(Talmon et al., 2001). It was shown that the buoyancy
forces can explain the distribution of grout pres-
sure around the tunnel after boring (Bezuijen et al.,
2002). When boring is halted, the grout pressures
decay slowly due to fluid loss. Fluid loss and pres-
sure decay are governed by consolidation. Remarkable
is that the vertical gradient in the grout pressures
decreases to values lower than the gradient in the pore
pressures.

Grout consolidation tests, their results and interpre-
tation are the subject of this paper.

2 TESTS PERFORMED

Tests have been performed to investigate the harden-
ing and bleeding of conventional grout, see Figure 1
and Figure 2. In this test a grout layer of 0.2 m is
loaded mechanically with a constant load of 1–3 bar.
The expelled water is a measure of the consolidation
of the grout. After several minutes of consolidation
the sample was unloaded and the shear strength of
the grout was measured at different locations in the
grout. An example of results of such a test is shown
in Figure 3 and Figure 4. Figure 4 shows the amount
of expelled pore water as a function of time and the
applied pressure. In this test a pressure of 300 kPa was
applied. Pressure was relieved several times to be able
to take the vane tests. Figure 4 shows the measured
shear strength after various times that pressure was

d

sand

grout

water
collection

air pressure

plate

load
cell

valve

Figure 1. Measurement principle.
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Figure 2. Experimental setup.
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Figure 3. Test result expelled water as a function of time
and applied pressure.

applied. In this test it was focussed on the lower values
of the shear strength.Therefore only shear strengths up
to 6 kPa were measured and presented in the plot.

The type of grout tested here was tested before
at atmospheric pressure (Bezuijen et al., 2002). In
that test it appeared that the measured shear strength
remained more or less constant until 5.5 hours and
after that time the hardening of the grout started.

Comparing the result from the test at atmospheric
pressure with the results of the tests at 1–3 bar over
pressure it became clear that the increase in strength
in the over pressure case is caused by consolidation
of the grout and not by the hardening of the grout. To
understand the grout properties just after injection in
the tail void it is therefore necessary to understand con-
solidation. If the grout layer is consolidated it will have
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Figure 4. Strength development as measured with a vane.
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Figure 5. Example measured stress strain curve of grout in
an oedometer test.

certain strength to act as a foundation for the tunnel lin-
ing, even before hardening of the grout commences.
If it is not consolidated it is possible that the shear
strength is too low to counterbalance the buoyancy
forces of the tunnel.Another important consequence of
consolidation is an increase of flow resistance, which
directly affects the pressure distribution behind the
TBM when drilling.

3 CALCULATION MODEL

3.1 General

During consolidation grout has a non-linear stress-
strain curve. The curve as found in a standard oedome-
ter test is shown in Figure 5. To implement such
non-linear relations leads to a set of equations that can
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Figure 6. Sketch of consolidating grout around a tunnel lining and detail.

only be solved numerically, such a numerical simu-
lation is described by Bezuijen (2003). Here we use a
simplified approach, which appears within some limits
suitable to describe the observed phenomena.

We assume that just after injection the grout behaves
as a liquid. There will be no grain stress. Consolida-
tion leads to the expelling of water and a decrease
in porosity. It is assumed that the grain stress remains
very small until a certain porosity. At that lower poros-
ity the grains have contact with each other and the
consolidation stops.

Such a description will be quite accurate when the
amount of fines is limited, but will be less adequate in
case a lot of clay mineral is present in the grout.

When a material as described above is subjected to
1 side consolidation (grout can only lose water into the
surrounding soil, not to the lining).There will be a front
of consolidated grout that moves from the surrounding
soil to the lining.

3.2 Description of model, grout tests

Consider a part of the grout as it is applied around
the tunnel, see Figure 6. Such a section is compar-
able with a section tested in the experiments described
above. It is further assumed that the permeability of
the sand is much larger than the permeability of the
grout (the consequences of this assumption were ana-
lyzed in Bezuijen 2003 and it was shown that this
assumption was true for a subsoil of clean sand). For
such a situation the flow through the grout can be
written as:

With q the specific discharge through the consolidated
grout, k the permeability of the grout, x the thickness of
the consolidated grout layer and �φ the pressure head
difference between the non consolidated grout and the
soil. The change in thickness of the consolidated grout
layer is governed by the continuity equation:

With ni the initial porosity of the unconsolidated grout,
ne the final porosity of the grout (after consolidation).
Combining these equations lead to the differential
equation:

With the boundary condition that x = 0 at t = 0 and
constant �φ the solution is:

In an experiment it is possible to determine the initial
and final porosity and by fitting the results of meas-
urements to the results of the equation it is possible to
determine the permeability of the grout.

3.3 Description of model, field situation

When grout is injected into the tail void with an excess
pressure compared to the hydrostatic pressure, the situ-
ation is comparable with the situation in the test.
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However, there is a difference: when the grout starts to
consolidate this will lead to unloading of the surround-
ing soil, thus �φ is not constant any more. Again the
real situation is a bit simplified and a cylindrical sym-
metric elastic unloading is assumed around the tunnel.
In such a situation the relation between deformation
and stress reduction can be written as (Verruijt, 1993):

Where �σ is the change in pressure �r the change in
radius, r the radius of the tunnel and the grout and G the
shear modulus of the soil around the tunnel. In case of
a consolidating grout, �r will be equal to the thickness
of the water layer that is expelled from the grout. Using
equation (2) and (5) this leads to the following relation
between the pressure that is exerted on the grout as a
function of the thickness of the consolidating layer:

Whereφ0 is the difference in piezometric head between
the grout pressure and the pore pressure in the sand, ρ
is the density of water and g the acceleration of gravity.
Combining the Equations (1), (2) and (5) leads to the
differential equation that is valid for the field situation:

From this equation it can be concluded that consolida-
tion can be limited by the stiffness of the soil. dx/dt = 0
when consolidation stops. For that situation it can be
written:

Thus a high shear modulus of the subsoil will lead to
only a limited consolidation because the driving force
for the consolidation, the excess pressure disappears
due to unloading of the soil and a low shear modulus
will lead to more consolidation of the grout.

The solution for differential Equation (7) with the
boundary condition x = 0 at t = 0 is less straightfor-
ward than for Equation (3). It can be written as:

with

The solution for Equation (9) and the boundary con-
ditions mentioned before reads:

Where � is used instead of φ0.
The LambertW function in this solution is

defined as:

and the requirement that the function is analytical at
x = 0.

4 COMPARISON WITH MEASUREMENT
DATA

To compare the data from a grout consolidation test
with the simulation, the measurement data without
excess pressure (when the vane tests were taken)
were removed from the data set. The remaining data
were fitted to Equation (4). The results are shown in
Figure 7.

It appears that in the beginning of the experiment
the results fit quite well with theory. After approx.
2,000 s a deviation starts, because X becomes com-
parable to the grout thickness in the experiment (all
grout is consolidated). From this result it can be con-
cluded that the theory developed, although it has some
simplifications, can be used to describe the behavior
of consolidating grout.

5 CONSEQUENCES FOR FIELD
CIRCUMSTANCES

Field measurements on grout pressures show an
increase in pressure during boring and a decrease
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Figure 7. Experimental data on consolidation fitted to
theory. X is the thickness of the consolidated layer.
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during stand still of the TBM. The rate of pressure
decrease is different in different field situations, see
Figure 8. In this figure the rate of decrease seems com-
parable over the measurement interval, but that is not
the case. The pressure decrease is much faster for the
Botlek tunnel, as can be seen just after the peak, but
movements of the TBM cause additional rises in the
grout pressure in the shown time period.

It is likely that this pressure decrease is caused by
consolidation of the grout. If this is the case, the stiff-
ness of the subsoil has an influence, as can be seen
from Equation (7), (8) and (10). A calculation was
run for the situation at the Botlek Rail Tunnel using
the parameters as presented in Table 1. The permea-
bility of the grout after consolidation and the initial
and final porosity were determined form the consoli-
dation test. The shear modulus of the subsoil is an
‘educated guess’. Using these values we found that
only 0.039 m of the grout layer of 0.2 m consolidates
and then the driving force has stopped. The course of
the consolidation front and the pressure drop due to
consolidation after the boring has stopped according
to the calculation model is shown in Figure 9. The cal-
culated pressures show qualitatively agreement with
the measured pressure.

Table 1. Parameters used in calculation.

Parameter value dim.

radius tunnel 5 M
φ0 10 m
G (soil) 90 Mpa
k (grout) 4.7*10−8 m/s
ni 0.327 –
ne 0.275 –

200
225
250
275
300
325
350
375
400
425
450

gr
ou

t p
re

ss
ur

e 
(k

P
a)

12:00:00 12:30:00 13:00:00 13:30:00 14:00:00
time

botlek
sophiaboring

boring
Sophia

stand still

Figure 8. Grout pressure measured at the Botlek Rail tun-
nel compared with results from Sophia Rail Tunnel. Data is
shifted so that drilling stops at the same point (first ring after
the instruments came out of the lining). Pressure drop is about
10 times faster for Botlek.

The calculation was rerun with an much lower
value of the shear modulus in the soil, 10 instead of
90 Mpa. In such a situation the grout pressure would
remain more or less constant, which is obviously not
in agreement with what is measured.

6 DISCUSSION

Consolidation of grout influences the grout pressures
and a model is described, which presents the possibility
to quantify this influence. Although some simplifi-
cations were necessary, it appeared that the model
can describe the behavior in a consolidation test quite
well. However, it should be emphasized that reality
is more complex than the model. It is possible that
the permeability of the soil is that low that it prevents
consolidation. This can be the case when a tunnel is
bored in impermeable clay, but also when a subsoil of
sand is polluted with bentonite from the tunnel face. A
cylindrical symmetric unloading was assumed for the
subsoil, but this will not be the case. Due to buoyancy
forces the tunnel will be pressed against the upper part
of bored hole. This will lead to a continuous consoli-
dation of the upper part of the grout. There will also be
some consolidation during boring, which is neglected
in this calculation method.

Consolidation will lead to a pressure decrease. In
the calculations it is assumed that the pressures will
decrease until the grout pressure is equal to the pore
pressure in the soil. However, plastic deformation
of the soil can prevent that such low pressures are
reached. Low pressures are possible in case the subsoil
consists of sand. Arching will then prevent a collapse.
Low grout pressures were measured at the Sophia Rail
Tunnel, see Figure 10. When boring stops, the pres-
sures decrease to values very close to the pore pressure
(the measurement at 16:59:52 in the plot). Values
were closest to the pore pressure at the bottom of the
tunnel.
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during stand still of the TBM. Parameters see text.
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Figure 10. Measured grout pressures at the Sophia Rail tun-
nel. The pressure measured at 16:59:52 was measured several
hours after boring has stopped.

7 CONCLUSIONS

A calculation model has been developed to quantify
the influence of consolidation on the grout pressures.
For conventional grout the consolidation determines
the strength properties of the grout after injection.
Increased flow resistance affects the pressure distribu-
tion around the tunnel lining and the increased strength
of the grout reduces the stress in the tunnel lining due
to buoyancy forces. The influence of hardening starts
several hours after injection at a larger distance from
the TBM.

The grout parameters necessary for the model can
be measured with the consolidation test, as described.

For a tunnel bored in sand the normal situation will
be that only a part of the grout consolidates before the
grout pressures come nearly equal to the pore pressure.
In such a situation the final grout pressure and thus
the stress situation in the soil is not determined by the
injection strategy but by the properties of the grout and
the soil around the tunnel.
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Simultaneous backfill grouting, pressure development in
construction phase and in the long-term
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Y. Kano
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ABSTRACT: Over the years it has become clear that simultaneous backfill grouting is of major importance
to the design of the tunnel lining and TBM process control. Considerable research has been conducted in the
last 20 years to get a grip on these two aspects. They are the key to successful settlement control, reducing the
differential displacement between segments and rings, moments in the lining (in both ring- and longitudinal
direction), and for optimisation of the tunnel boring process. In this paper a historical overview is given for
simultaneous backfill grouting with the use of 2-component grout. An overview is given of the development of
the grouting pressure with TAC (ETAC) grout in the construction phase and in the long-term, and the resulting
bending moments in the lining.

1 INTRODUCTION

Simultaneous backfill grouting was carried out in
shield tunnelling for the first time in 1982 in the
construction of No. 4 line of the Osaka Subway in
Japan.The conventional tunnelling method using mor-
tar grouting had been expected to cause a ground
settlement of 50–100 mm while tunnelling through
very sensitive soft clay. The use of simultaneous
backfill grouting kept the settlement in the range of
10–30 mm (Hirata, 1989). Since then, this method has
been introduced in many regions of the world, such
as Asia, Europe and America, reducing the settlement
associated with shield tunnelling.The next step was the
optimisation of the material properties of the grout.

Extensive research resulted in the development of
a 2-component grout TAC (in Europe: ETAC) which
gave:

1) A more efficient tunnel boring process because
there is no clogging of the grout in the injection
system

2) Fast, and uniform support of the tunnel lining
(Hashimoto et al., 1997) (Hashimoto et al., 2002)

3) Settlement in the range of 0–15 mm, through of the
better control of the grout injection.

A lining pressure meter with a large diaphragm
(750 × 450 mm) was developed to accurately measure

the plastic backfill grouting pressure as well as the
pressure acting on the lining after the grout hardening.
By analysing the results of this monitoring, the mech-
anism of the lining pressures and their magnitude are
now better understood (Hashimoto, 1993).

2 SIMULTANEOUS BACKFILL GROUTING
METHOD WITH TAC AND ETAC

In Japan at present, the simultaneous injection method
is usually performed with two grouting liquids. In
recent years, this method has also been adopted on
some projects in Asia and Europe. In Europe this
type of grout is called ETAC and was developed in
the Netherlands, using local materials and was first
applied in the soft-ground EPB excavation of the
Botlek rail tunnel (Feddema, 2001).

Figure 1 shows properties of TAC, 2-component
grout. This system uses liquid A (cement, clay-sand,
water and others) and liquid B (water-glass). After
mixing of the two liquids, they become semi-solid
(plastic state) in a few seconds, and keep this state
for about half an hour. Then they become hard, gener-
ally 0.05–0.1 N/mm2 by 1 hour.The gel- and hardening
time can be set to meet specific project requirements.

Figure 2 shows typical equipment for simultan-
eous backfill grouting with TAC. The injection pipe
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is attached to the tail of the TBM. If the two liquids are
injected through one pipe, the pipe is often clogged due
to the short hardening time of the liquids. Therefore,
the pipe and the system were equipped with two extra
mechanisms: one for mixing the two components just
before entering the tail void and one for cleaning.

In the case of soft clay, a typical composition of
backfill grouting is shown in Table 1, and Figure 3
shows an example of the ground deformation with this
method.

3 DEVELOPMENT OF LINING PRESSURE

The pressure due to simultaneous backfill grout-
ing starts acting on the circumference of the lining

st
re

ng
th

A-liquid

B-liquid
gel time
(mixing)

5 ∼10sec. 10 ∼25

100kN/m2

(1 hour)

→ hardening

Time
liquid plastic solid

plant and pipe

tail void
mixing
nozzle

min.

Figure 1. Properties of TAC two liquid grout.

Figure 2. Equipment for simultaneous TAC grouting.

Table 1. Typical proportion of backfill grout for TAC grout.

B-liquid
A-liquid materials materials Compressive strength (kN/m2)

Bubble
Hardening Clay-sand forming Stabilizing Entrained Regulated
material material Agent agent Water Air set agent 1 hour 1 day 28 days

270 kg 130 kg 0.5 kg 2.2 kg 630 Lit. 13.5% 100 Lit. 100–150 500 2500

immediately after the passage of the shield tail.
The grouting pressure distribution becomes uniform
shortly after the grouting because the grout is in the
plastic state. With hardening, the grout holds the earth
pressure and the water pressure in the ground and con-
veys them to the tunnel lining as shown in Figure 4.
After the hardening of the grout, the lining pressure
changes depending on the compression of the grout,
the deformation of the lining, stress relaxation, and so
on, and then reaches a steady value. The magnitude of
the pressure change depends on the ground condition,
e.g. hard or soft soil, and also on the magnitude of
injection pressure. In the case of soft soil, the lining
pressure approaches the initial stress with time regard-
less of the injecting pressure’s magnitude. In the case
of hard soil, lining pressure approaches the active earth
pressure.

3.1 Development process of lining pressure and
its change

3.1.1 Case on the Okawa Shield in soft clay
(Hashimoto., 2001)

The construction was carried out with the slurry shield
method; the TBM outer diameter was φ7,150 mm. The
simultaneous backfill grouting method was imple-
mented to fill the tail void. The overburden was
approximately 15.3 m.

The excavated ground around the monitoring
section was mostly Holocene clay, with strength
increasing with increasing depth. The unconfined
compression strength of the clay was approximately
c = qu/2 = 50 kN/m2 and SPT N-value = 0–6. The
ground was very sensitive with a high liquidity index
(IL = 0.9).

Figure 5 shows the soil profile and the tunnel pos-
ition at a monitoring section. Major monitoring items
were: earth pressure, water pressure and stress of the
RC segments.

3.1.2 Observed lining pressure and earth pressure
in the ground

Figure 6 shows the change in pressure with time dur-
ing the tail passing, and for the following 2nd∼6th
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rings. The pressure during the tail passing showed a
remarkable change in 4 phases as follows:

1) During the passing of the tail brush over the lining
pressure meter

2) From the tail brush passing over the lining pressure
meter to the end of excavation

3) Assembling the segments
4) After the process is completed

In the first phase, when the tail brush passed the
lining pressure meter plate, the pressure (brush pres-
sure included) decreased. The monitored value of the
lining pressure when the tail brush completely passed
the pressure meter corresponded to the backfill grout-
ing pressure. This pressure was equivalent to the total
overburden pressure (263 kN/m2). In the second phase,
the pressure decreased by 70–150 kN/m2 when the tail
brush passed beyond the plate. In the third phase, the
pressure increased and slight change was recognized
when retracting the jacks while assembling the seg-
ments. In the fourth phase, the pressure decreased.
During tunnelling for the subsequent 2–5 rings, the
lining pressure changed due to grouting and jack oper-
ation.A very steep inclination of 31‰ made it difficult
to control the TBM jack operation. These difficul-
ties caused fluctuation in the pressure on the lining.
However, after the tail had passed the 6th ring, there
was little further effect on the lining pressure due
to the TBM excavation. Lining pressure distributions
(a) after the tail passing, (b) five rings after tail pass-
ing, (c) one month after tail passing, and (d) six months
after tail passing are shown in Figure 7.

In the first phase the pressure was distributed evenly
all around the segment, however at the 5th ring, the
pressure increased in the base of the ring because of
the shore pressures required to steer the TBM.

Vertical deformation

Distance

Scale

‚/month later

TBM crown

TBM front

TBM end

TBM
injection

a

topview of TBM

Horizontal deformation
at the side of TBM

Grouting Condition

pressure 150kN/m2

vol. rate 178%
pressure 200kN/m2

vol. rate 185%

very soft
Clay

Figure 3. An example of backfill grouting pressure and deformation of ground (Nagata Shield).
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Figure 4. Conceptual figure on lining pressure change.

Figure 5. Soil profile at the monitoring section.
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Figure 6. Lining pressure variation at tail passing and the 2nd–6th rings after the tail passing.

Figure 7. Lining pressure distribution at four phases.

3.2 Distribution of backfill grouting pressure

3.2.1 Tendency of distribution of backfill grouting
pressure on lining

The pressure on the tunnel lining due to the back-
fill grouting is analysed here based on observation
(Hashimoto, 2002). Figure 8 shows the notion used for
each pressure pvg, phg and pv0, and parameters Kv, Kh.

For the case grout is injected at one point a typ-
ical observation of lining pressure distribution due to
backfill grouting pressure is shown in Figure 9. With
simultaneous backfill grouting, generally, the pres-
sure reaches a maximum just after grouting. This is
because the backfill grouting pressure is increased at
the last stage of thrust jacking in order to ensure a suf-
ficient amount of backfill grout. The pressure tends
then to decrease until the backfill grouting of the next
ring starts. It begins to increase again under the influ-
ence of backfill grouting pressure of the next ring. The
pressure tends to be large around grouting point just
after backfill grouting. The farther from the grouting
point, the smaller the pressure. The pressure distribu-
tion tends to become almost isotropic two days after
the tail has passed.

3.2.2 Relation between vertical pressure and
overburden pressure

Figure 10 shows the relation between Kv = pvg/pv0
and pv0 based on observed data. In soft clayey ground,
many lining pressures observed two days after back-
fill grouting are distributed in the range Kv = 0.75
to 1.2, which is approximately the overburden pres-
sure. In stiff clayey ground or in sand/sandy gravel
ground, the pressure varies widely, but Kv is gener-
ally lower than 1. This reflects the common practice
in stiff ground where ground, settlement is not sig-
nificant, that backfill grouting pressure is controlled
based on water pressure and not overburden pressure.

3.2.3 Relation between horizontal pressure and
vertical pressure

Figure 11 shows the relation between Kh and over-
burden pressure based on observed data. Many of the
measurements, are in the range Kh = 0.7–1.5, with an
average value Kv = 1. That means the pressure dis-
tribution becomes more isotropic. Kh is affected by
several factors, such as backfill grouting pressure,
position, the loss of backfill grouting pressure behind
lining, fluidity of grout, and so on.
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pvg = pressure on the tunnel crown

phg = pressure at the tunnel spring line

pv0 = overburden pressure(pv0 = (Σγt·h))

Kv = pvg/pv0

Kh = phg/pv0

h

D

pvg

phg

γt

Figure 8. Tunnel lining pressure due to backfill grouting.

t=2 days after backfill grouting 
t=0 day, just after injecting backfill grout 

Injecting
pv0pvg;t=2days 

pvg;t=0

phg;t=2daysphg;t=0days

Figure 9. Lining pressure due to backfill grouting.

4 COMPARISON BETWEEN DESIGN AND
OBSERVATION ON LINING PRESSURE

4.1 Conventional design method in Japan

In Japan, the conventional model and the full-
circumferential spring model are usually used for
designing shield linings. Figure 12 is a conceptual
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Figure 10. Relation between Kv and Pv0, 2 days after shield
passing.
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Figure 11. Relation between Kh and Pv0, 2 days after shield
passing.

figure of the conventional model (Japan Society of
Civil Engineers, 1996). This model is based on active
earth pressure, water pressure and soil reaction (tri-
angular distribution shape corresponds to the lining
deformation).

In this design method, there are two different load-
ing conditions depending on the amount of ground-
water pressure. One is the total stress condition that
is employed in soft clayey ground. The other is for
the effective stress condition for sandy and stiff clayey
ground.
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Figure 12. Conventional lining design method in Japan.

Figure 13. Soil profile at monitoring sites and locations of
shield tunnels.

4.2 Simulation on coefficient of lateral earth
pressure λ and coefficient of soil reaction k

To design the lining, member force will change
depending on the combination of the deviatory load
which deforms segments (λ) and the soil reaction
which prevents deformation (k). For the backanaly-
sis presented in this section, the conventional method

was used. In the simulation various λ – k combinations
were applied in the calculations.

The presented monitoring locations are in Kadoma,
Osakajo A, and Osakajo B (Hashimoto et al., 1997).
Figure 13 shows the soil profile at monitoring sites and
locations of shield excavation. Table 2 indicates each
ground condition around tunnels.

The observed lining pressure at 3–5 meters after
TBM passed in clayey ground at Kadoma and Osakajo
A was approximately 50–70% smaller than the total
overburden pressure. The vertical lining pressure was
almost equivalent toTerzaghi’s loosening pressure plus
water pressure in sandy ground, such as at Osakajo B.

Parameters of the original design were λ = 0.55,
k = 10 MN/m3 at Kadoma and Osakajo A, and
λ = 0.35 and k = 50 MN/m3 at Osakajo B. In the ori-
ginal design, the bending moment at the tunnel crown
largely depended on λ. As shown in Figure 14, a com-
parison between the observed bending moment and
the result of parametric calculations for Kadoma and
Osakajo A demonstrates that the calculated bending
moment was close to the observations if λ is 0.7–0.8
under the total stress condition. The bending moment
of the original design was 1.7 to 6 times larger than
those observed. In the sandy ground of Osakajo B, the
result of the original design calculated using λ = 0.35
and k = 50 MN/m3, was, under the effective stress con-
ditions, five times as large as the observations. The
backcalculated λ in this case is larger than 0.6 with
k = 50–90 MN/m3. The results from these three cases
show that the original design, using the conventional
design model, seems to be conservative. It is necessary
to improve and develop more rational design methods
in the future.

5 CONCLUSION

With respect to ground deformations and lining pres-
sures, the following results were obtained from in-situ
monitoring in recent shield tunnelling constructions
using 2-component simultaneous backfill grouting.

1) Simultaneous backfill grouting system is being
widely adopted in shield tunnelling as it is very
effective in reducing the ground deformation.

2) The large diameter lining pressure meter, developed
by authors, enables monitoring of the long-term lin-
ing pressure as well as grouting pressure behind the
TBM.

3) Lining pressure develops depending on the backfill
grouting pressure during elapsed time. Generally
a few rings behind the TBM the lining pressure
distribution is uniform.

4) After the construction stage (few ring behind the
TBM) the lining pressures do not change signifi-
cantly in the long-term. This is based on observa-
tions, during 6 month.
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Table 2. Soil characteristics.

Kadoma Osakajo A Osakajo B

wn (%) 71.6 49.8 to 56.2 –
Liquid limit wL (%) 92.66 59.3 to 80.5 –
Plastic limit wP (%) 28.73 25.8 to 27.5 –
Grain size gravel (%) 0 0.0 1 to 18
Distribution sand (%) 1 0.4 to 0.9 72 to 87

silt (%) 34 19.7 to 48.4 7 to 11
clay (%) 65 50.7 to 79.7 5 to 8

SPT N-value 1 to 5 8.0 to 9.0 50+
Unconfined compressive strength qu(kN/m2) 168 to 198 540 23
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Figure 14. Comparison of bending moment between observation and parametric calculation with λ and k.

5) It is proved that a vertical earth pressure smaller
than the overburden pressure and a coefficient of
lateral earth pressure λ lager than λ based on the
active earth pressure makes lining stress closer to
the observations, even in Japanese conventional
designs method.

REFERENCES

Feddema, A, Möller, M, Zon, W.H., Hashimoto, T, 2001.
ETAC two-component grout field test at Botlek rail tun-
nel. Modern Tunneling Science and Technology, Swets &
Zeitlinger, p.809–815.

Japan Society of Civil Engineers, 1996. Japanese Standard
for Shield Tunneling, the 3rd edition, p35. (in Japanese)

Hashimoto,T,Yabe, K,Yamane,A, Ito, H, 1993. Development
of oil pad type earth pressure transducer for shield tunnel
segment. Proc. of 28th Annual Meeting of JGS, p.2055–
2058. (in Japanese)

Hashimoto, T, Nagaya, J, Ohta, H, Shintani, T, Sugihara, K,
1997. Consideration of design earth pressure for shield
tunnel based on measurement. Proc. of Tunnel Engineer-
ing, JSCE, Vol.9. p.37–42. (in Japanese)

Hashimoto, T, 2001. Monitoring on lining pressure due to
shield tunneling. IS-Kyoto, Modern Tunneling Science
and Technology, Short Course, p.137–143.

Hashimoto,T, Nagaya, J, Konda,T,Tamura,T, 2002. Observa-
tion of lining pressure due to shield tunneling. Proceedings
of the Third International Symposium on Geotechnical
Aspects of Underground Construction in Soft Ground –
IS-Toulouse, p.119–124.

Hashimoto, T, 2002. Experiences in monitoring in Japan for
shield tunnels. Pre-proceedings of the Workshop Measur-
ing and Predicting the Behaviour of Tunnels, p.125–145.

Hirata, T, 1989. Study on behavior of cohesive soil in type
shield tunneling work and on construction technique.
Doctoral Thesis, Kyoto University, p.45. (in Japanese)

107

Copyright 2006 by Taylor & Francis Group, LLC

  



Grout pressures around a tunnel lining, influence of grout
consolidation and loading on lining

A. Bezuijen
Geodelft, Delft, The Netherlands

A.M. Talmon
WL | Delft Hydraulics, Delft, The Netherlands

ABSTRACT: The influence of the grout properties on the grout pressure distribution around a tunnel lining is
investigated. Initial yield stress of the grout and consolidation properties appear of importance.The consolidation
properties are determined by means of element tests and appeared also to be influenced by the properties of
the soil surrounding the tunnel. Field measurements have shown that grout pressures vary during the bore-
cycle. Consolidation of the grout after injection in the tail void is one of the factors affecting the grout pressure
distribution. The vertical pressure gradient in the grout decreases with increasing distance from the TBM. This
decrease in gradient is important to determine the loading on the lining. It is shown that at some distance from
the TBM the grout pressure is in most cases comparable to the pore pressure for a tunnel drilled in sand.

1 INTRODUCTION

Grout pressures around a tunnel lining determine the
loading on the lining and are an important parameter
to predict the settlement above the tunnel. Grout pres-
sures have been measured in several projects (See for
example Hashimoto et al. 2002, Koyama 2001). It was
noticed (Hashimoto 2002) that the measured pressures
are not in agreement with the design method used in
Japan. The measured pressures were lower than pre-
dicted according to the design method when a tunnel
was constructed in sand.

To increase the knowledge on the grout pressures
these were measured systematically at 2 cross-sections
of the Sophia Rail tunnel (Bezuijen et al., 2002 and
Bezuijen et al., 2004). Apart from these measurements
it was decided to perform element tests and model
tests to acquire information on the properties of the
grout and to develop calculation models (Talmon et al.,
2001 and Bezuijen & Talmon 2003). The research
was performed by the COB (Centre of Underground
Construction) in the Netherlands and Delft Cluster (a
foundation in which the leading Delft Institutes on civil
engineering co-operate).

This paper will deal with measured grout pressures
and consolidation of the grout during standstill of the
TBM and will deal with some consequences for the
loading on the lining and the pressure distribution in
the soil.

2 MEASUREMENTS

2.1 Field measurements

Grout pressures were measured around two of the lin-
ing segments of the Sophia Rail Tunnel. The Sophia
Rail tunnel is a tunnel constructed with a slurry shield
TBM. The diameter of the tunnel is 9.55 m. It is situ-
ated in the western part of the Netherlands. The tunnel
is covered with nearly 15 m soil at the location of the
measurement and surrounded with Pleistocene sand.
The soil consists of soft Holocene layers of clay and
peat above the Pleistocene sand See Figure 1. More
details on the tunnel are presented by Stive (1999),
more information on the measurement conditions can

Figure 1. Cross-section of the Sophia Rail Tunnel, some
of the instrumentation and soil layering at the measurement
location. Depths are presented in meters below the surface.
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Figure 2. Position of instruments, boring velocity and meas-
ured grout pressures at the right side of the tunnel as a function
of time.
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Figure 3. Measured grout pressures at the Sophia Rail tun-
nel. The pressure measured at 16:59:52 was measured several
hours after boring has stopped.

be found in Bezuijen et al. (2002 and 2004). A result
of the measurements is shown in Figure 2.

Figure 1 also shows the position of the various
instruments placed in the soil surrounding the tunnel.
However, this paper is focused on the measured grout
pressures directly around the tunnel lining. The meas-
urement results shown are comparable to results that
have been found in other tunnel projects in the Nether-
lands. The grout pressure increases during drilling and
decreases during stand still. The pressures are plot-
ted as a function of depth in Figure 3. It is clear that
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Figure 5. Pressure gradient over the tunnel lining at one
location as a function of displacement of the TBM with
respect to grout pressure sensors in the lining.

the pressure increases linearly with depth, but that
the pressure as well as the vertical pressure gradient
changes with time. This becomes even clearer when
the average vertical pressure gradient in the grout is
plotted as a function of time of distance from theTBM,
see Figure 4 and Figure 5 respectively.

2.2 Element tests

Tests have been performed to investigate the hardening
and bleeding of conventional grout, see Figure 6 and
Figure 7. In this test a grout layer of 0.2 m is loaded
mechanically with a constant load of 30–300 kPa
overpressure. The expelled water is a measure for the
consolidation of the grout. After several minutes of
consolidation the sample was unloaded and the shear
strength of the grout was measured at different loca-
tions in the grout with a vane. An example of results
of such a test is shown in Figure 8 and Figure 9.
Figure 9 shows the amount of expelled pore water as
a function of time and the applied pressure. In this
test a pressure of 300 kPa was applied. Pressure was
relieved several times to be able to perform the vane
tests. Figure 9 shows the measured shear strength
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Figure 6. Measurement principle (grout loading by air
pressure).

Figure 7. Experimental setup.

after various times that pressure was applied. In this
test it was focussed on the lower values of the shear
strength. Therefore only shear strengths up to 6 kPa
were measured and presented in the plot.

The type of grout tested here, was tested before
at atmospheric pressure (Bezuijen et al., 2002). In
that test it appeared that the measured shear strength
remained more or less constant until 5.5 hours and
after that time the hardening of the grout started. For
this grout it was therefore the consolidation and the
resulting increase in grain stress that determines the
increase in shear strength after injection of the grout.
The influence of hardening is only limited. This result
depends on the type of grout used and the pressure
difference with pore water. The hardening time will be
dominant for a grout that hardens quickly and has a
long consolidation time.
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Figure 9. Strength development as measured with a vane.

3 INTERPRETATION

The decrease in the measured grout pressure in the
field measurements during stand still is caused by
bleeding (or consolidation) of the grout. It was shown
by the element tests described before and calculations
(Bezuijen & Talmon 2003) that applying a pressure on
the grout at comparable conditions as in a tail void will
result in a 5 to 10% of volume loss due to bleeding.
The relative small volume loss leads to considerable
decrease in pressure, because the surrounding dense
sand has a high shear modulus for unloading.The prin-
ciple is shown in Figure 10. Elastic deformation in the
sand is assumed and a pressure decrease that is con-
stant over the circumference of the tunnel (this last
assumption is a simplification of the real situation, but
it results in the order of magnitude of the deformation
and grout pressure decrease). For such a situation the
relation between x (the reduction of the grout thick-
ness due to bleeding or consolidation of the grout, see
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Figure 10. Sketch of consolidating grout around a tunnel lining and detail.

Figure 10) and the decrease in the grout pressure can
be written as (Verruijt, 1993):

Where �σ is the change in pressure, x the change in
radius due to consolidation (see Figure 10), r the radius
of the tunnel and the grout and G the shear modulus
of the soil around the tunnel. In case of a consolidat-
ing grout, x will be equal to the thickness of the water
layer that is expelled from the grout. A typical value
of the shear modulus of dense sand for unloading is 50
to 100 Mpa. Assuming a tunnel radius of 5 m and 5%
thickness reduction of the grout due to consolidation
(=0.01 m for a grout layer with a starting thickness of
0.2 m), such a thickness reduction will lead to a pres-
sure decrease of 200 to 400 kPa. Such a grout pressure
reduction is sufficient to decrease the grout pressure to
values close to the pore water pressure. Consolidation
will stop when the grout pressure is close to the pore
water pressure.

The dominant parameters for the rate of the pressure
decrease in the situation tested in the element tests were
the permeability of the grout and the shear modulus
of the soil. The calculation method as described by
Bezuijen & Talmon (2003) indicates that the per-
meability of the subsoil also influences the rate of
consolidation in cases where this permeability is less
than 50 times the permeability of the grout (10−7 to
10−8 m/s was found as typical permeabilities for the
grouts tested).

The mechanisms that cause the changes in the verti-
cal pressure gradient are described in detail in Bezuijen
et al. (2004). Since grout can be described as a Bing-
ham liquid with a certain yield stress, it is possible

that the vertical pressure gradient changes during the
grouting process. Without yield stress, there can only
be a hydrostatic grout pressure distribution and the
density of the grout would purely determine the verti-
cal pressure gradient. Due to the yield stress, the grout
pressure in the tail void directly behind the TBM is
governed by the injection strategy and the magnitude
of the yield stress in the grout during drilling (Tal-
mon et al., 2001). At a larger distance from the TBM
the buoyancy forces and again the yield stress in the
grout determine the vertical pressure gradient as will
be explained below.

Assume, as a starting point, a hydrostatic pressure
distribution in the grout with a pressure gradient that is
determined by the density of the grout (2190 kg/m3).
In the field measurements for the Sophia Rail tun-
nel this corresponds to a vertical pressure gradient
of approximately 21 kPa/m. The average density of a
cross-section of the tunnel (the weight of the tunnel
lining divided by the volume of the tunnel including
lining) is much lower. A diameter of 9.45 m, a lin-
ing thickness of 0.4 m and a density of the lining of
2400 kg/m3 results in an average density of the tun-
nel of 390 kg/m3. Assuming a linear increase with
depth for the grout pressure, according toArchimedes’
law, a cross-section of the lining would be in equilib-
rium for a vertical pressure gradient of 3.8 kPa/m. The
gantry of the TBM adds additional weight and there-
fore vertical equilibrium with the buoyancy forces will
be reached for a higher gradient (6.4 kPa/m), but in all
cases the vertical hydraulic gradient for vertical equi-
librium of a cross-section of the lining will be much
lower than the hydrostatic pressure distribution in the
grout and in most cases even lower than the gradient
in the pore water.
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A vertical pressure gradient as low as 6.4 kPa/m
was not measured during the field measurements for
the Sophia rail tunnel. This means that there will
always be some loading on the lining. This loading
will be transferred to the TBM and the part of lining
where the grout is hardened. It is shown in Bezuijen &
Talmon (2004) that there is a relation between the yield
strength and the vertical grout pressure gradient. With-
out yield strength the vertical pressure gradient can
only be 21 kPa/m for the conditions of the field tests.
However, a lower vertical pressure gradient is possible
when the yield strength increases.

Close to the TBM the yield strength in the grout
is limited and therefore the vertical pressure gradi-
ent is relatively high. At a larger distance the gradient
decreases to lower values due to the increased yield
strength of the grout.

4 LOADING ON THE LINING

The measured vertical pressure gradient in the grout,
behind the TBM, is higher than the gradient that cor-
responds with vertical equilibrium of a cross section
of the lining during the measurement. This means that
there is no vertical equilibrium in one cross-section of
the lining and equilibrium has to be obtained by inter-
action between the lining elements. The lining reacts
as a beam supported by the TBM on one side and the
already consolidated or hardened grout at the other
side. Vertical forces at the supports and moments in
the lining will depend on the length over which the
beam is loaded. The moment in longitudinal direction
can be calculated using the beam equation:

Where EI is the longitudinal bending stiffness of the
tunnel (kNm2), x the length of the lining between
the TBM and the hardened grout (m), y the vertical
deformation (m) and w the vertical loading on the tun-
nel (kN/m). This equation can be solved analytically
for various schemed boundary conditions. In our study
we have measured the loading w (it can be determined
from the vertical gradient, see Figure 5, or from all
the grout pressures measured around the tunnel, see
Figure 2 and Figure 3). A numerical solution is prac-
tical to use these measurement results as input for
various loading situations. We used a finite difference
solution. The differential equation can be written in
finite differences for the point (i) on the beam:

Here is h the distance between the finite difference
points and wi the loading in that point. This equation

is valid for all points (i) on the beam. This leads to a
matrix equation that can be solved in a spreadsheet.

Note that we use the measured pressures around the
lining and it is therefore necessary to model the lining
only. The soil interaction is included in the measured
grout pressures and doesn’t have to be modelled to
simulate the reaction of the lining on the measured
grout pressures.

Preliminary simulations have been run with the
set of equations described above. If the distance over
which high vertical gradients are present over the lin-
ing increases, this leads to an increase of the bending
moments in the lining that is quadratic with this dis-
tance (as could be expected). However, it also became
clear that the bending moments and deformation in the
lining are influenced quite substantially by the bound-
ary conditions at both sides on the lining. What is the
reaction force and moment of the TBM on the lin-
ing and what is the boundary condition at the other
end where the measurement ends. What boundary
conditions have to be used, will be a subject for fur-
ther research. In this research we will use the simple
beam model described above to check the influence of
various parameters. Furthermore 4-D finite element
simulation will be used to study details of the TBM
lining and lining soil interaction. A 2-D grout flow
model is available to provide input pressures for these
models (Talmon et al., 2001).

The preliminary calculations with the beam equa-
tion showed clearly that to reduce the forces on and the
moment in the lining it is necessary to limit the length
of the lining that is surrounded by not yet consolidated
or not hardened grout.The measurements show clearly
that the vertical gradient (and thus the loading on the
lining) is highest directly behind the TBM, where the
grout has the lowest viscosity and yield stress.

5 CONSEQUENCES FOR THE GROUT
PROPERTIES

The grout applied influences the loading on the lining.
In this paper we have only discussed the distribution of
the loading perpendicular to the axis of the lining. For
this loading it is of importance that the unsupported
part of the lining (where buoyancy forces dominate)
is as short as possible to reduce the moment in the
lining and high vertical forces at the TBM and there
where the grout is hardened. This can be achieved in
3 different ways:

1. The grout has a relatively high initial shear stress.
In a situation with a high initial shear stress of the
applied grout, the shear strength in the not yet hard-
ened grout is already sufficient to prevent upward
movement of the tunnel lining.

2. Subsoil and grout allow for a rapid consolidation of
the grout, resulting in an increase of allowable shear
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stress in the grout and as a result in only a limited
unsupported length of the lining.

3. The grout used hardens quickly. This also leads to
a limited unsupported length of the lining.

These 3 methods can be used for a tunnel made in
sand. For a tunnel in clay the second option is not pos-
sible, because the low permeability of the clay prevents
consolidation of the grout.

6 CONCLUSIONS

Results of field measurements on grout pressure decay
during standstill of a TBM have been analysed in
combination with the results of element tests. Grouts
normally consolidate after injection into the tail void.
This leads to a reduction of grout volume and to a
decrease in grain stress of the surrounding soil.

It was found for several tunnel projects, where a
tunnel was bored in sand, that the final pressure dis-
tribution around a tunnel was comparable to the pore
water pressure and was more or less independent from
the injection strategy. Only the initial pressure distri-
bution directly behind the TBM can be influenced by
the injection strategy.

Grout properties in combination with the soil prop-
erties influence the loading on the lining directly
behind the TBM. It is therefore necessary to select a
grout taking in into consideration the soil properties at
the location and desired grout properties (yield stress,
bleeding and hardening parameters).
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Laboratory testing of grout properties and their influence on
backfill grouting

A. Bezuijen & W.H. van der Zon
GeoDelft, Delft, The Netherlands

A.M. Talmon
WL | Delft Hydraulics, Delft, The Netherlands

ABSTRACT: Functions of tail void grout are described and necessary properties of the grout mortar to fulfil
these functions are discussed. A simple model is derived to show the loading on the lining as a function of the
mortar properties and the possible movement of the lining. When it takes a long time for the grout mortar to
consolidate or to harden, this can lead to considerable forces in the lining of a tunnel as well as on the TBM as
is shown with some example calculations in this paper.

1 INTRODUCTION

Back-fill grouting is a crucial process in TBM tun-
nelling. The grouting process determines the loading
on the soil and with that an important part of the sur-
face settlement. It also determines the loading on the
lining. Field and laboratory measurements (Bezuijen
et al., 2004, Bezuijen & Talmon, 2003) have revealed
mechanisms that are of importance: the flow of the
grout around the tunnel, the yield stress that deter-
mines the maximum resistance against the buoyancy
forces and the influence of consolidation of the grout
on the loading on the lining. The parameters neces-
sary to describe these mechanisms are not given in
the traditional grout tests and therefore a new test was
developed.

The paper describes the functions of grout during
and after injection in the tail void and the available
and new developed laboratory experiments. A calcula-
tion method is presented that gives an indication about
the loading along the lining. It presents some example
calculations before ending with conclusions.

2 FUNCTIONS OF GROUT

2.1 General

Grout is injected in the tail void between the soil and
the lining. In some cases it is injected through the lin-
ing, but most common is a grouting system that is
constructed in the backside of the TBM and that can
inject grout during drilling continuously, see Figure 1.

groutgrout

plunger

TBM

wirebrush tail seals tunnel segment

injection opening

Figure 1. Sketch of TBM and detail of injections system.

The grout has different functions, as summarized
by Shirlaw et al. (2004):

1. To ensure that there is uniform contact between the
lining and the ground: The ground both loads the
lining and provides resistance to distortion. Con-
sistent filling of the tail void will avoid uneven
loading.

2. To reduce the surface settlement over the tunnel: If
the void is not filled with grout, the ground will
move into the void, resulting in settlement. Typ-
ically, the volume of the tail void is in the range 3%
to 16% of the internal volume of the tunnel. There
can be high surface settlements if the grouting is
ineffective, and the tail void closes as a result.

3. To hold the ring in place during shield advance:
Soft ground and mixed face tunnel boring machines
are typically advanced by thrusting off the installed
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Figure 2. Rising of lining measured at 4 points on the lining
after placement of lining segments (Sophia Rail Tunnel, The
Netherlands) and calculated rising, see further text.

lining. If the lining is surrounded by liquid grout,
then it can float upwards, See Figure 2. This can
lead to stepping on the circumferential joint, birds’
mouths developing on the radial joints, loss of plane
and damage to the lining.

4. To carry the load transmitted to the lining by the
shield back-up trailers.

5. To reduce seepage and loss of fine particles where
the gasket is ineffective due to damage or because
of stepping of the lining.

In addition to this, grout also has to provide suffi-
cient resistance to overcome the buoyancy forces that
occur in the first rings after the TBM. These buoyancy
forces occur because the average density of lining and
air that forms the tunnel is less than the density of
the grout. This is comparable with what is mentioned
under 3, but it can be compensated by reduction of
the grout density as well as by an increase of the yield
stress.

Some of these functions can only be taken into
account by the construction of the TBM (sufficient
grout injection points) or craftsmanship (taking care
for open injection points, consistent filling of the tail
void). However, for some it is possible to ‘design’ the
grout. In this paper we will discuss the influence of the
density, the initial yield stress, the consolidation prop-
erties and the hardening of the grout on the loading on
the lining. It is focused on forces and moments along
the lining. Ring loading is not taken into account.

2.2 Density of the grout and initial viscosity

The density of grout mortars usually varies from
1000 to 2200 kg/m3. The average density of the cross-
section of tunnel lining and the air in the tunnel is in
general around 400 kg/m3. This means that there will
be a buoyancy force on the tunnel. This can lead to
upward directed movement of the tunnel lining when
it is released from the TBM. Furthermore it induces

stresses and moments in the TBM as will be explained
later.

The grout mortar can be designed to minimize
this buoyancy force by reducing the density and/or
decrease the yield strength. The yield strength changes
the pressure distribution over the lining.Assuming that
the shear strength between the tunnel lining and the
grout is small and the shear strength between the soil
and the grout determines the pressure distribution, the
relation between the yield strength and the maximum
buoyancy force that can be compensated by the grout
mortar can be written (Bezuijen et al., 2004):

Where F is the maximum force per metre tunnel lining
that can be compensated by the yield stress in the grout,
τy the shear strength of the grout, D the diameter of the
tunnel and s the width of the tail void. The buoyancy
force K per metre lining exerted by the tunnel lining
can be written as:

Where ρg is the density of the grout, ρt the average
density of the tunnel (lining and air) and g the
acceleration of gravity.

Equilibrium in a cross-section is reached when
F ≥ K . Such a situation can be reached when:

This relation shows that a stable cross-section can be
reached by using grout with high yield strength, or a
low density or by increasing the average density of the
tunnel (and/or dead weight or back-up train).

2.3 Properties along the lining

Although Eq. (3) looks rather simple, it is in a lot
of cases not so easy to fulfil this equation directly
behind theTBM due to other requirements on the grout
mortar. The grout has to flow easily through the pip-
ing of the injection system and it has to fill the tail
void completely and last but not least also costs play a
role. These requirements quite often result in a grout
mortar where Eq. (3) is not fulfilled directly after the
TBM because the yield stress is too low. When this
is the case, a part of lining directly after the TBM
will have the tendency to move upward. However,
this upward movement will be stopped by the friction
forces between the lining elements still in the TBM on
one side and the elements in the already hardened or
consolidated grout on the other side. In such a situation
it is necessary to know the hardening and consolidation
properties of the grout as will be described later.
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2.4 Consolidation and hardening

The yield strength of the grout mortar after injection
will increase due to consolidation of the grout and
hardening. It is of importance to have data to describe
this strength increase because this determines for what
length the tunnel lining has only limited support. Con-
solidation can lead to a strength increase for only a
limited thickness of the grout layer (Bezuijen & Tal-
mon 2003). This is the case when the tunnel is bored
in stiff sand.

3 LOADING ON THE TUNNEL LINING

An example where Eq. (3) was not fulfilled is the
Sophia Rail Tunnel (Bezuijen et al. 2004). The meas-
ured hydraulic gradient along a cross section of the
tunnel lining is comparable to the average density of
the tunnel at some distance from theTBM, there where
the pressure gradient is more or less constant, see
Figure 3, but increases close to the TBM. This leads to
an upward directed loading on the tunnel lining close to
the TBM until consolidation of the grout led to a yield
strength that is high enough to overcome buoyancy
forces further away from the TBM.

Using the pressure data during drilling it is pos-
sible to construct the load distribution on the tunnel
for the part where the lining has the tendency to float.
This loading can be used in a numerical program to
calculate the shear forces and moments in the lining.
The resulting shear forces and moments depend to a
large extend on the moments and force exerted by the
TBM. In this paper we focus on the influence of the
grout and the influence of consolidation and harden-
ing. We therefore assume a rather simple calculation
model only to get an idea how the loading on the lin-
ing is influenced by the TBM induced moments and
consolidation or hardening.

The lining is approximated to a beam that is fixed
at the end where the grout is consolidated or hardened.
Usually it is assumed that the lining rests on an elas-
tic foundation. However, the measurements, Figure 3,
show that forces on the lining are more or less con-
stant at some distance (more than 9 m in the figure)
from the TBM. Movement of the lining in the grout
would lead to pressure variations in the grout that are
not measured. This justifies this approximation.

The other end of the lining bears at the TBM. The
TBM can exert a certain moment M on the lining.
A loading distribution on the lining is assumed that
increases linearly with the distance from where the
tunnel lining is fixed in the consolidated grout. This
is again only an approximation of the real loading that
occurred, see Figure 3.

As can be seen from Figure 2, there is a certain
permanent movement in the lining. With the boundary
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Figure 3. Example of gradient in the grout pressure as a
function form the distance (0 on the X-axis represents the
point where the lining is more or less fixed. The TBM is at
9 m). Results measured at Sophia Rail tunnel (Bezuijen et al.,
2004).

conditions mentioned before it is possible to solve the
beam equation:

With the boundary conditions:

Where E is Young’s modulus, I the moment of iner-
tia, x = 0 the position where the grout is hardened,
x = L the other end of the lining connected in theTBM,
A the vertical displacement of the lining with respect
to the TBM, q the increase of the loading with distance
x and M the moment the TBM exerted on the lining.
For these boundary conditions the movement of the
lining can be written as:

and the shear force (Fs) as:

Consequence of the assumptions is that Fs had to be 0
at x = 0 (a large Fs at x = 0 would be reflected in the
measured pressure gradient, which is not measured).

With a length of the liquid zone of approximately
9 m and a tunnel with a diameter of 10 m, a beam equa-
tion cannot be more than an approximation, but as said
before that is enough to get an idea of the importance
of various parameters.
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Figure 4. Definition sketch for calculating the loading on
the lining.

4 LABORATORY TESTS

Shirlaw et al. (2004) emphasize the importance of per-
formance tests for grout, since it is likely that also in
the future most grout mortars will be tailor made from
locally available constituent materials. They mention
possible tests to test grout mortar:

– grading curves on individual constituents and the
combined mix.

– Cube tests (compressive strength).
– Segregation of mortar components under gravity.
– Relaxation, height variations in time.
– Washout. Dissolving of the sample in water.
– Bleeding under pressure (Bariod filter press).
– Sump cone or Prepakt cone for workability.
– Cohesion or yield stress by a vane apparatus.
– Internal friction.
– Density of the grout.

More information on these tests is given by Shirlaw
et al. (2004).

Comparing these tests with a definition of a
performance test: A performance test is a test in which
the product is used under actual service conditions,
it must be concluded the test mentioned are no per-
formance tests but index tests. Index tests are useful
to compare different materials, but present limited
information of the performance in service conditions.

The following properties are of importance to
describe the behaviour of the grout just after the TBM
that is the focus of this paper:

– the yield stress or cohesion this describe the loading
on the tunnel, see Eq. (1).

– the density of the grout to determine the buoyancy
forces, Eq.(2).

– the time necessary for the grout to consolidate or
before hardening starts. This time and the drilling
velocity determines L in the beam equations.

The first 2 parameters can be measured with index
tests mentioned before. This is not possible for the
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Figure 5. Strength development as measured with a vane
during consolidation of grout.

third parameter and therefore a new developed test is
described in the next section.

5 ‘FULL SCALE’ CONSOLIDATION TEST

It is difficult to measure the consolidation of grout in a
traditional oedometer test or filter press test, because
the consolidation is fast compared to the consolidation
of clay or peat, as will be shown later in this section.
Furthermore it is possible that there will be hardening
of the grout during the consolidation process. There-
fore consolidation experiments have been performed
in a cylindrical cell with a diameter of 0.3 m in which
a grout layer was made of 0.2 m height, comparable to
the average thickness of a grout layer in the tail void
for tunnels with diameters in the range of 6 to 11 m.

The test set-up is described by Bezuijen & Talmon
(2003). A result is shown in Figure 5 for a grout sam-
ple that was loaded with 300 kPa pressure. It shows
that due to consolidation the strength of the grout
increases considerably within 30 minutes. This time
is much shorter than the time necessary for strength
increase due to hardening of the grout, which was
approximately 5.5 hours (Bezuijen et al., 2004).

Consolidation of grout, sometimes called bleeding,
cannot be described by linear consolidation theory. It
can be approximated quite well assuming it behaves
as a grain-water mixture with little strength until the
water is expelled from the grout and there is an
effective stress between the grains. A description is
presented in Bezuijen & Talmon (2003), see Figure 6.
There it is also shown that the increase in yield stress
of the grout corresponds with consolidation. This fig-
ure shows that the consolidation of a 0.2 m thick
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Figure 6. Experimental data on consolidation fitted with
theory. x is the thickness of the consolidated layer.

grout sample takes 2000 s.A traditional oedometer test
would last only 20 s, which is rather short to perform
good measurements of the deformation and amount of
expelled water and will not take into account possible
hardening.

6 EXAMPLE CALCULATION

6.1 Sophia Rail tunnel

As example the measurements for the Sophia Rail
Tunnel are used. The measured pressure gradients are
already shown in Figure 3. In this figure the pressure
gradient during drilling is most prominent; because
then the TBM is moving and x is changing (the pres-
sures were measured in one ring of the lining). The
vertical points in the plot show the change in gradient
during stand still. The constant value of 6.9 kPa/m is
higher than the value that corresponds to the weight
of the tunnel (4 kPa/m) but will also be influenced by
weight of equipment in the lining. The value of q can
be determined from a in Figure 3:

With O the cross-sectional area of the tunnel lining.
q is 80 kN/m2 for a tunnel with a diameter of 9.45 m
as the Sophia Rail tunnel.

The momentum on the tunnel lining for the Sophia
Rail tunnel as given in Bezuijen et al. (2004) is shown
in Figure 7. Momentum is approximately 10 MNm
during stand still and 18 MNm during drilling.

The stiffness of the lining is not well known. We
used Eq. (7) to determine the stiffness. A very stiff lin-
ing will lead to a large downward directed shear force
at x = 0 and a flexible lining to an upward directed
shear force, which are both not measured according
to the pressure gradients in the grout. By adjusting the
stiffness of the lining to EI = 5.4 × 107 kNm2 no shear
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Figure 7. Momentum in vertical direction that is exerted on
the lining by the plungers in the TBM. A positive momentum
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Figure 8. Results of calculation model. Calculated moments
are divided by 10.

force is present at x = 0. Results of this calculation are
shown in Figure 8.

The calculated vertical displacement is also com-
pared with the measured displacement in Figure 2 and
showed reasonable agreement. This result means that
the effective stiffness of the lining in liquid grout is
less than normally assumed. It is possible that the seg-
mented lining has more degrees of freedom than is
assumed traditionally. It further implies that there is a
considerable shear force present at the TBM that is
counterbalanced by the weight of the TBM and the
lining elements in the TBM. In this example a mea-
sured q was used, but this q is not the result from the
grout properties only. For a situation with zero shear
force Fs at x = 0, the values of the parameters in Eq. (5)
also determine q so that Fs = 0 for x = 0, or to say it
differently: not always all available shear stress in the
grout is mobilized.

Consequence is that the influence of L (the length
with linearly increasing grout pressure gradient) can-
not be found by simply increasing L in Eq. (6) and
(7). Assuming that the pressure gradient in the grout
remains the same, it is also necessary to change q.
Furthermore A has to be changed to fulfill the condi-
tion that Fs = 0 at x = 0. The value A can be found by
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Table 1. Parameters and results of beam calculations.

Parameter Calc 1 Calc 2 dimension

Input
L (length of ‘unsupported’ 9 18 m
zone)
q (distributed loading 80 40 kN/m2

near TBM)
EI (stiffness of lining) 5.4 × 107 5.4 × 107 kNm2

M (moment on TBM) 18 18 MNm

Result
A (displacement of lining) 0.02 0.16 m
M (x = 0) 28 57 MNm
Fs,TBM (shear force at 3.2 6.5 MN
x = L)

changing the boundary condition y(L) = A to Fs(0) = 0
in Eq. (5) and solving Eq. (4) for these conditions
leading to:

and to a simple expression for the shear force Fs(x):

Eq. (9) for x = L presents A as a function of q, L, M
and EI, see the example below.

A calculation was run where L was increased with a
factor of 2, seeTable 1. It is clear that 18 m unsupported
length leads already to totally unacceptable movement
of the tunnel.

An interesting result is further that it appears that
only with a finite value of A it is possible to get a
condition of Fs = 0 for x = 0. This condition is not
always fulfilled in numerical calculations leading to
shear forces in the lining that have no relation with
reality.

A decreases quadratic with L therefore A can be
minimized by using grout that acquire quickly a certain
strength to develop the necessary shear strength. The
‘full scale’ consolidation tests described provide data
on the consolidation properties. With the properties
of the surrounding soil: shear modulus at unloading,
permeability, it is then possible to calculate the time it
takes before the necessary shear strength is available.

6.2 Variations

The calculation model presented in the section above,
allows investigating the influence of various param-
eters. The loading on the lining close to the TBM
exerted by the buoyancy force from the grout is q × x
and thus 720 kN/m. Using eq. (1) and (2) it can be

Table 2. Influence of some variation in the parameters on
the results of beam calculations.

Parameter Calc 3 Calc 4 dimension

Input
L (length of ‘unsupported’ 9 9 m
zone)
q (distributed loading 48 8.7 kN/m2

near TBM)
EI (stiffness of lining) 5.4 × 107 5.4 × 107 kNm2

M (moment on TBM) 18 18 MNm

Result
A (displacement of 0.017 0.015 m
lining)
M (x = 0) 24 19 MNm
Fs,TBM (shear force at 1.9 0.35 MN
x = L)

derived that for such a situation τy = 0.5 kPa (a bit
lower than measured in the test shown in Figure 5
for fresh grout, but the maximum shear stress is a
vector and therefore horizontal flow during injection
decreases τy). It can be tested what will be the influ-
ence on the loading on the lining when this value
is increased until 1 kPa. The loading on the lining
reduces than to 432 kN/m close to the TBM and q
to 48 kN/m2 Another possible variation is to use the
same shear stress (0.5 kPa) but to decrease the volu-
metric weight of the grout from 21 kN/m3 as it was
for Sophia Rail Tunnel to for example 12 kN/m3. This
will reduce the buoyancy force according to Eq. (2)
to 78.3 kN/m close to the TBM, which, assuming
again a linear increase in loading on the TBM, lead
to a q of 8.7 kN/m2. Table 2 shows results of cal-
culation results obtained with the model described
before.

As expected, both a larger shear stress in the grout
and a lower density leads to a lower displacement of the
lining, a smaller moment and shear force. Especially
the reduction in shear force at x = L is considerable.
In this way the model can be used to get quantitative
information on the influence of using a different grout.

Further research will focus on deformation and
grout pressure measurements for different tunnels to
see how general applicable the proposed model is.

7 CONCLUSIONS

The work described in the paper has led to the
following conclusions:

– The thickness of a grout layer in a consolidation test
has to be comparable to the thickness of the grout
layer in the field if hardening and consolidation both
has an influence.
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– The stability of the tunnel in longitudinal direction
depends on various parameters. The tunnel more or
less ‘seeks’ the equilibrium conditions.

– A minimum grout strength is necessary for an
equilibrium condition of the lining.

– The length of the insufficient supported zone is of
crucial influence on the movement of the tunnel,
the shear force at the TBM and the moments in the
lining. Movements and moments can be reduced
by reducing the length of this zone by changing
the hardening or consolidation properties of the
grout. Yield strength and density of the grout also
influences the longitudinal loading on the lining.

– The model presented show quantitatively what is the
influence of changing the grout parameters on the
loading on the lining.
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Introduction to Model Testing

A number of model tests have been performed to study
various aspects of tunnelling. Model tests were used
for aspects that are difficult to test in the field. Testing
can be difficult because controlled soil conditions are
necessary or because a failure is needed to perform the
test and such failure is in most cases not wanted in a
real tunnel.

The first model test on shield tunnelling was per-
formed several years before the first shield tunnel was
made. The influence of tunnelling on an existing pile
foundation was tested in a geotechnical centrifuge.The
problem was seen as very important for the possibili-
ties of shield tunnelling in Dutch cities. Among others
the municipalities of Amsterdam and Rotterdam (the
two largest cities in The Netherlands) contributed to
this project. In the centrifuge the tunnelling process
was simulated by a tube that could be decreased in
diameter to simulate the volume loss. The soil con-
ditions were comparable to the conditions present in
the western part of The Netherlands; a soft clay layer
was on top of a sand layer with densified sand. Loaded
piles were located at various distances from the tube
and the response of the piles on the volume loss of the
tunnel was monitored. This setup has inspired various
other researchers to perform comparable tests (Chen
et al., 1999 and Jacobsz et al., 2002).

The face stability of the Second Heinenoord tunnel
was tested as a prediction of the real situation. The
interesting part of this research was that the actual soil
conditions were simulated in the test. This was done
with 3 layers of sand with a varying density. As a pre-
diction the test had only limited value because during
the measurements it appeared that the minimum face
pressure for a stable front is higher than according to
the result of the test because of the presence of excess
pore pressures in front of the tunnel face, see the chap-
ter on field measurements.These excess pore pressures
were not simulated in the model. For a situation with-
out excess pore pressures the tests show a clearly the
failure pattern that occurs in sandy subsoil.

Although a lot of attention was paid to the mini-
mum pressure to prevent instability at the tunnel face,
the first real problem in practice when drilling the

Second Heinenoord Tunnel was an instability caused
by too high pressures at the tunnel face leading to a
blow out. The third paper in this chapter analyses this
blow out and compared the results with the results of
centrifuge tests where the grout pressures were raised
until instability and plastic deformation occurs in the
sand. Although there is thus a difference in geometry
between the field measurements and the model tests,
there is a reasonable agreement between the measured
maximum pressures.

Another centrifuge research project was the face
stability for a tunnel in soft clay. This test was not
performed for a particular project, but was part of a
research programme. The aim was to investigate what
stability can be expected in very soft clay. The test
results include the deformation as a function of the
face pressure starting with very small settlements. The
failure surface along the settlement trough that occurs
at large deformations was determined by means of
X-ray tomography. These results are published else-
where (Kruse and Bezuijen, 1998).

Model tests on foam is the subject of the next two
papers. The first of these two papers describes a model
set-up to test different foams and to investigate the
foam-sand interaction as it occurs in an EPB machine.
While boring in sand an important function of the foam
is to increase the porosity to a value higher than the
maximum porosity of sand, so that the grain stresses
become small. This finding is confirmed in the field
measurements, which was the subject of a previous
chapter. The screw conveyer is an important part in an
EPB machine. A model was made to describe the flow
of a sand-water mixture and the pressure drop in the
screw conveyer.

The last paper deals with model tests that have been
used in the design of the RandstadRail tunnel. This is a
tunnel for a light rail system in Rotterdam. This tunnel
is partly built in Holocene clay and the question was
how the settling clay influences the loading on the lin-
ing. The results confirmed that the calculation method
used is on the safe side. In the paper the results of the
centrifuge tests are also compared with the results of
Finite Element Calculations.
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The influence of a bored tunnel on pile foundations

Adam Bezuijen & Joost van der Schrier
Delft Geotechnics, The Netherlands

ABSTRACT: The influence of a bored tunnel on an existing pile foundation has been investigated by means
of model tests in a geotechnical centrifuge. Three tests were performed: one preliminary test with limited
instrumentation for a tunnel in saturated sand and two tests with a soil model of sand with clay (layers) on top.
The tunnelling was simulated by a model tunnel; a specially designed cylinder of which the diameter could be
reduced. 6 piles were placed at different distances from the model tunnel and the load-settlement behaviour during
reduction of the model tunnel diameter was monitored. The test results show that load-settlement behaviour was
influenced by the horizontal distance from the pile to the model tunnel and the soil material that surrounded the
model tunnel. Pile settlement was measured at larger distances from the tunnel when it was surrounded by sand.
The settlement trough is measured as a function of the decrease in diameter of the model tunnel. The results
from the settlement trough are compared with existing formulae of Peck and Verruijt.

1 INTRODUCTION

In regions with soft soil layers, most buildings are
founded on piles to use the strength of stiffer layers at
greater depth. In such a region it is likely that a bored
tunnel, constructed for a metro or an underground part
of a railway, will be founded in the same stiff soil layer
as the pile tips of a pile foundation. During the bor-
ing process somewhat more soil is removed than the
volume of the tunnel, leading to changes in the stress
state of the soil. The influence of these changes on
the bearing capacity of an adjacent pile foundation
is of importance when a bored tunnel is planned in
an urban area with many pile foundations. The inter-
action between loaded foundation piles and a tunnel
under construction is difficult to model with (numer-
ical) calculation programs, since it is a 3-dimensional
problem and modelling the influence of the tunnel is
only possible if the stress distribution around the driven
piles is modelled properly. Therefore, this influence
has been investigated in a model test in the geotechni-
cal centrifuge of Delft Geotechnics (Nelissen, 1991).
The tunnelling process was simulated by a model tun-
nel; a cylinder with the possibility to change the diam-
eter in a controlled way. A decrease in the diameter
of the model tunnel simulates the tunnelling process
in which some more soil is removed than corresponds
with the diameter of the tunnel. Six piles at differ-
ent distances from the tunnel, loaded to 75% of their
ultimate bearing capacity, were used to investigate
the pile-tunnel interaction. In the tests, the diameter
of the model tunnel was reduced and the settlement of
the piles was monitored, as well as the depth and form

of the settlement trough at the soil surface. This paper
describes the test set-up and the results of the tests.
The consequences for practice are discussed.

2 TEST SET-UP

The prototype situation is a tunnel with a diameter of
7 m. This 7 m is in-between the diameter for a metro
(6 m) and a single track railway tunnel (8–9 m). The
prototype pile had a diameter of 0.4 m. A model scale
of 1:40 was chosen.

A cross-section of the model is shown in figure 1.
It shows the soil model, the piles and the model tun-
nel. The soil model consisted of two layers of clay
of 0.19 m, with a sand layer of 0.02 m in-between.
The clay layers were preconsolidated. For handling the
clay layers it was necessary to over-consolidate the
top layers (1 and 2). The bottom layers (3 and 4)
were normally-consolidated. The clay used in the tests
was Speswite kaolin clay. The sand layer between the
clay layers functioned as a drainage layer during the
reconsolidation in the centrifuge.Three tests have been
performed:

1. a preliminary test with a soil model of only den-
sified sand with the same configuration of model
tunnel and pile as shown in figure 1, but with the
centre of the tunnel and the pile tips 35 cm below
the sand surface.

2. the 1st final test with the configuration of figure 1
and the tunnel at the high position (position A in
figure 1).
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Figure 1. Cross-section through the centrifuge model.

Table 1. Properties of Speswhite kaolin clay and Eastern
Scheldt sand.

Properties clay
Unit weight constituent 26.1 kN/m3

Liquid limit (LL) 69.0%
Plasticity index (PI) 31.0%
Plastic limit (PL) 38.0%
γ at W = 50% 17.0 kN/m3

Cu/σ ′
ν 0.21

Ir (=G/cu) 200
Friction angle φ 23◦
Cohesion 0 kPa

Properties sand
Unit weight constituent 26.5 kN/m3

D50 180 µ m
Friction angle at Dr = 70% 45◦

3. the 2nd final test with the tunnel at the low position
(position B in figure 1).

In all models the phreatic line was equal to the soil
surface. The sand used is Eastern Scheldt sand, some
properties of the clay and sand used are listed in table 1.
After the tunnel was placed, the sand was densified by
a vibration needle. Two piles were located at both 0.04
and at 0.08 m from the tunnel, one at 0.16 m and one at
0.32 m, resulting in a total of 6 piles. The positions of
the piles were determined in a way to minimize group
effects.

The piles were closed aluminium tubes with a diam-
eter of 0.01 m. Forces on the piles have been monitored
by a load cell on top of the piles and strain-gauges at
0.05 m and 0.01 m from the pile tip.The load cell on top
of the pile measured the total load. The strain-gauge
at 0.05 m was situated at the transition between sand
and clay in the model and enables, knowing the load
on top of the pile, to determine the friction of the clay
along the pile shaft. The strain gauge close to the pile
tip was used to monitor the tip force.

The piles were connected by springs to a loading
frame. The positions of the piles in the loading frame
can be seen in figure 2. The load on the piles could
be controlled by a plunger on the loading frame. The
springs had a stiffness of 0.1 kN/mm. The loading on
the piles was calculated to be between 1.2 and 2 kN.
With the springs chosen, a pile settlement of 1 mm
implied a load reduction less than 10%. With the load-
ing frame designed in this way it was possible to
penetrate 6 piles with one plunger and to have a more
or less force-controlled situation during the decrease
in diameter of the model tunnel. The model tunnel
consisted of 4 synthetic tunnel elements, placed on an
aluminium core. By moving the core relative to the
tunnel elements, the outer diameter could be varied
(see figure 3). The entire model tunnel was covered
by a rubber sack, which ensures watertightness and
prevents intrusion of soil particles. The actual diam-
eter of the tunnel was monitored by two displacement
transducers mounted between the tunnel elements.
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Figure 2. Top view on piles and loading frame.

Figure 3. Detail of the model tunnel.

3 TEST PROCEDURE

The tests started with the model pile tips 15 mm above
the actual testing position. The test procedure was as
follows:

1. Reconsolidation of the clay model under its self
weight at 40 g load. After 6 hours 95% consolida-
tion was obtained.

2. When 95% consolidation was reached, a cone was
penetrated in flight with a penetration speed of
0.15 m/s, comparable to the penetration speed in
prototype.

3. The piles were penetrated to the actual testing pos-
ition. This penetration was performed to acquire
a stress state around the piles comparable to the
stress state of a driven pile. The maximum penetra-
tion force was measured. Then the pile loading was
reduced to 75% of the maximum penetration force
to achieve a working load comparable with a heavy
loaded pile in prototype. The reduction of load was
not performed in the preliminary test.

4. The diameter of the tunnel was reduced continu-
ously with the loading frame at a fixed position.
The load-settlement curve of the piles was measured
under the changed boundary conditions.

Figure 4. Results the preliminary test. The piles were all on
the dashed line before the reduction of the tunnel diameter
(all dimensions to scale).

5. The frame was pushed further to determine the ulti-
mate loading capacity, after large pile settlement.
This step was not performed in the preliminary test.

4 RESULTS

4.1 Overview

Results of the preliminary test are shown qualitatively
in figure 4. In this figure the piles and tunnel are rep-
resented to scale. The number in the tunnel represents
the relative decrease of the cross-sectional area of the
tunnel. The measured settlement of the piles and the
settlement trough are shown. This test showed large
settlements of the piles close to the tunnel (much more
than 1 mm) and, therefore, also a significant reduc-
tion in the pile resistance, as represented by the arrows
below the pile. All piles had the same resistance before
the reduction of the diameter of the model tunnel. The
tests with clay layers above the tunnel show compara-
ble results. The analysis of the results presented below
focuses on the settlement trough measured above the
tunnel and the pile settlement.

4.2 Settlement trough

The settlement trough at ground level was measured
at two positions during the preliminary test and at
three positions during the final tests (see figure 1).
The results have been fitted with formulae presented
by Peck and Verruijt. The formula of Peck (presented
in Attewell et al. (1986)) is empirically based and
written as:
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Figure 5. Settlement trough at 3% volume decrease of the
model tunnel in the 1st and 2nd test. Measurement points
(with the same values on the negative X-axis to impose a
symmetric curve) and fits with the formulae of Peck (p) and
Verruijt (v).

where s is the settlement, x the horizontal distance
from the centre of the tunnel and c and σs are param-
eters defining the depth and the width of the trough.
Attewell et al. also present relations for σs depending
on the type of soil. Sagaseta (1987) has presented a
calculation method to derive an analytical solution of
the equations describing the deformation caused by
a diameter decrease in an incompressible elastic half
space. Based on this method Verruijt (1993) derived
for a compressible elastic half space:

where h is the depth of the center of the tunnel, �V
the volume loss, V the total volume of the tunnel and
ν the poisson ratio of the soil.

The equations can be fitted well with the measure-
ment points (see figure 5). The mean values found for
the parameters of equation 1 and 2 during the vol-
ume decrease are listed in table 2. From these results it
appeared that the preliminary test and the second test –
the tests where the tunnel was surrounded with sand –
have comparable results for the settlement trough. The
test with 1/5 of the model tunnel in clay has a wider
settlement trough and a lower value of ν. The value of
h, found when fitting the settlement trough to equa-
tion 2, is much less than the actual depth of the tunnel.
This means, that although the equation for the settle-
ment trough as derived by Verruijt can be reasonable,
the soil is not behaving as an elastic material, as is
assumed in the derivation of the formula, and plastic
deformation occurs. This can also be concluded from
the values of the poisson ratio. A value larger than 0.5
indicates, that there is an increase in volume of the
material during deformation. This is not possible for

Table 2. Mean values of the parameters in equations 1 and
2 for the settlement trough.

parameter prel. test 1st test 2nd test

σs (mm) 115 151 117
h (mm) 98 202 150
ν (-) 0.57 0.33 0.65

an elastic material. However, it is possible during plas-
tic deformation and is well known for dense sand as
dilatancy. Indeed it is found that the value of v is only
higher than 0.5 when the model tunnel is completely
surrounded with sand.

This dilatancy of the sand around the tunnel can
be measured in this model test because there is com-
plete control of the tunnel volume. This is not the case
when tunnelling is performed in the field. In field
measurements, the volume decrease is measured from
the settlement trough under the assumption that the
volume taken at depth is equal to the volume of the
settlement trough at ground level. Such a procedure is
not always justified as appears from figure 5, which
shows the settlement troughs for the 1st and 2nd test,
both at 3% decrease of tunnel volume. Due to dilatancy
of the sand in the 2nd test, the volume of the settlement
trough is smaller than in case of the 1st test.

4.3 Pile settlement

Figure 4 shows that the volume decrease of the model
tunnel has a distinct influence on the pile foundation
leading to a reduction of the bearing capacity and con-
sequently to pile settlement. As an example of the
reduction in bearing capacity, the results of the 2nd
test are presented in figure 6 as a function of the rela-
tive decrease in volume of the tunnel. For the piles at
0.04 and one at 0.08 m from the tunnel the reduction in
bearing capacity is such, that the springs mounted on
the loading frame reached their maximum stroke. This
happened when the bearing capacity of the pile became
less then appr. 0.9 kN, and no further settlement was
possible. For these piles, ongoing soil deformation
around the tunnel, by further decrease of volume, led
to a rapid decrease in the bearing capacity. This result
was also clearly demonstrated by the friction meas-
ured on the piles (see figure 7). The magnitude of the
pile settlement is larger than the settlement of the clay,
therefore positive friction developed on the piles. How-
ever, when the settlement of some of the piles stopped,
negative friction developed, because the settlement of
the soil continues. The pile settlement at 1% volume
decrease of the model tunnel as measured in the 3 tests
is shown in figure 8. In this figure, a mean value with
deviation is presented for the locations with two piles
at the same distance. A low value of volume decrease
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Figure 6. 2nd test: forces on piles during decrease in vol-
ume, the arrows indicates the point at which the settlement of
the piles stops because the spring was pushed out completely
(prototype distances between brackets).

Figure 7. 2nd test: friction measured on piles.

was chosen because at a larger value the settlement
is limited by the stroke of the springs in the loading
frame.

From this figure, it is clear that the pile settlement
was largest in the preparatory test. In this case the pile
loading was larger relative to the bearing capacity of
the pile. For the 1st test the distance, in which piles
were influenced by the tunnel, is smaller than for the
2nd test. This appeared to be true for different val-
ues of volume decrease. In the preliminary test as well
as in the 2nd test, the model tunnel was completely
surrounded with sand. Deformations in this sand influ-
enced the pile foundations at a larger distance. The
following mechanism is proposed: the tunnel deform-
ations cause a reduction of the horizontal stresses in the
soil. This reduction reduces the bearing capacity of the
piles. This is due to the fact that in case of driven piles

Figure 8. Pile settlement in the various tests at 1% decrease
of tunnel volume. The settlement measured for the pile at
0.32 m distance is not realistic, but the result of a small
deformation of the loading frame.

an important part of the bearing capacity is realized
from the high horizontal stresses that develop during
pile driving. In a stiff soil such as sand, a predescribed
deformation leads to changes in stresses over larger
distances and therefore to a reduction of horizontal
stress over a larger distance.

5 CONCLUSIONS

The results of the tests as presented in this paper lead
to the following conclusions:

1. A geotechnical centrifuge appears to be a valuable
tool for studying the interaction between a bored
tunnel and an existing loaded pile foundation.

2. The volume loss prescribed, by changing the tun-
nel diameter, can be more than the volume loss
measured at ground level due to dilatation of the
sand.

3. The width of the settlement trough is smaller in
the tests where the tunnel is completely surrounded
with sand (the preliminary and 2nd test). On the
other hand the distance on which pile settlement
can be measured is larger in these tests.

4. Pile settlement can be quite significant, if the vol-
ume loss is 1% or more and the distance between
the pile and the tunnel is less than 1 tunnel diameter
(0.175 m or 7 m in prototype). However, extrapola-
tion of the results from the test makes it reasonable
to assume that shorter distances, or larger volume
loss are acceptable, in the case where the tunnel is
placed for a less substantial part in the foundation
layer.
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ABSTRACT: To support tunnelling activities in The Netherlands the Dutch government decided in 1994 to
finance a five year research and development programme on tunnelling in soft soil.

One of the aspects to be studied is the determination of the appropriate slurry pressure to ensure full face
stability in the case of slurry shield tunnelling. To determine the relation between support pressure and soil
deformations in fully saturated sand, a model test has been carried out using the geotechnical centrifuge of Delft
Geotechnics. Surface settlements and soil displacements close to the tunnel face were measured as a function of
the applied support pressure and will be presented graphically.

In this paper the test set-up, testing procedures and final test results are given. The exact size and shape of
the collapsed soil body is determined afterwards, and will be shown. The influence of arching in relation to face
stability will be discussed.

The limit support pressure as determined from the centrifuge test is found to be slightly larger than the ground
water pressure. The simple three dimensional model, proposed by Jancsecz and Steiner has been used to make
a limit state calculation of the slurry pressure. The calculated limit support pressure is slightly larger than the
ground water pressure at tunnel axis level. Comparison of these results with the test results shows reasonable
agreement. It can be concluded that the three dimensional model as proposed by Jancsecz and Steiner is valid
for the typical soil conditions at the site of the Second Heinenoord Tunnel.

1 INTRODUCTION

In 1994 an extensive research and development pro-
gramme was initiated by the Dutch Government. To
manage and coordinate this programme a Centre for
Underground Space Technology (in Dutch COB) was
established. In 1994, as part of the research pro-
gramme, the detailed monitoring of two TBM tun-
nelling projects was started in order to gain experience
with large diameter tunnelling in very soft soil. The
first project is the Second HeinenoordTunnel under the
river Oude Maas and the second is the Botlek Railway
Tunnel under the same river near Botlek to relieve the
existing Botlek Bridge. From both projects the proto-
type behaviour is predicted using current methods and
experimental research.

In the beginning of 1997 the boring of the first
large diameter tunnel in The Netherlands, the Second
Heinenoord Tunnel, has been started. The tunnel bor-
ing process is monitored continuously.

In this paper the results of predictions made with
respect to tunnel face stability, using the geotech-
nical centrifuge of Delft Geotechnics, are presented
and discussed. More detailed information of these
prediction can be found in (Van der Schrier, 1996).
The results will be used for comparison with the field
measurements in the very near future.

2 PROTOTYPE SITUATION AT
HEINENOORD

The river crossing consists of two tunnels with a length
of 950 m. For the boring of the two 8.3 m diameter
tunnels a slurry shield tunnel boring machine is used.
The tunnels will be bored in holocene and pleistocene
formations. The (upper) Holocene consists locally of
sand and soft to very soft clay. The Pleistocene con-
sists of dense sand. The boundary between Holocene
and Pleistocene is located at a depth of approximately
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Figure 1. Longitudinal geotechnical profile of the Second Heinenoord Tunnel.

Figure 2. Three dimensional limit equilibrium model.

NAP −15 m (NAP is the Dutch reference level). The
longitudinal (geotechnical) profile is shown in fig-
ure 1. The ground water level equals approximately
NAP 0.0 m. Due to the high ground water level all
layers can be considered as fully saturated.

At the North bank a 50 × 75 m2 monitoring field
has been established. The predictions are valid for this
monitoring field. The tunnel axis depth equals 15.5 m
below surface level. At this location the soil consists
of mainly sand.

3 PROBLEM DEFINITION

During the construction of the Second Heinenoord
Tunnel difficult soil conditions will be encountered.
For safety reasons excessive soil deformations at the
tunnel face and inward-flow of ground water should be
avoided. Therefore, the appropriate support pressure
has to be determined.

To determine this pressure and for a better under-
standing of the mechanics in front of the slurry shield,
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the collapse mechanism should be known. This prob-
lem is three dimensional and can be studied by using
a limit state design method, which has already been
done by several authors. For a synopsis of the vari-
ous analysis methods, reference is made to Balthaus
(1989). Limit-state-design-based solutions have been
proposed by Leca and Dormieux (1990). Leca and
Dormieux (1990), Anagnostou and Kovári (1994) as
well as Jancsecz and Steiner (1994) have the experi-
ence that the upper bound estimates are in close
agreement with test results. Jancsecz and Steiner based
their calculations on a simple three dimensional model
(figure 2).

For a limit state calculation of the slurry pressure,
it is most important to know the exact size and shape
of the collapsed soil body. To establish the validity of
the three dimensional model for the soil conditions
as encountered at the site of the Second Heinenoord
Tunnel, a centrifuge test has been carried out. This test
gives information on the relation between the slurry
pressure and the soil deformation at the tunnel face
level as well as at surface level for typical Dutch soil
conditions.

4 CENTRIFUGE TESTING

4.1 Why centrifuge testing?

The constitutive behaviour and the shear strength of
soil materials depend on the effective stress level in
the soil. The effective stresses are determined by the
prototype geometry and the mass of the soil mater-
ials (submitted to the acceleration of gravity). In a 1:N
scale model the dimension length is scaled down with
a factor N compared to the prototype. As a result the
stresses are far too low. In order to get reliable model
test results, not only the mean effective stress in the
model should be representative for the prototype under
investigation, but also the distribution of stresses.
When using the same soil material(s) in the model as
present in prototype, this stress requirement in the soil
model can be fulfilled by increasing the unit weight
of the soil with a factor equal to the scaling factor
by which the prototype is scaled down. By increas-
ing the acceleration of gravity that acts of the model,
similitude is obtained between model and prototype
regarding the stress-strain relationship of the soil. This
can be done by using a geotechnical centrifuge.

4.2 General scaling rules

From model laws it follows that for a first interpret-
ation of test results the scaling rules in table 1 can be
used. A geometrical scaling factor of 1:70 has been
chosen. In most of the figures the dimension length
is expressed in model quantities. To estimate this
dimension in prototype terms the model quantity

Table 1. Scaling factors in centrifuge tests.

Prototype/ Scaling
Quantity Symbol model factor SI-unit

Length L N NL m
Stress σ 1 Nσ kN/m2

Strain ε 1 Nε –
Acceleration g 1/N Ng m/s2

Force F N2 NF N

may be multiplied by the geometrical scaling factor
(N = 70).

5 MODEL AND INSTRUMENTATION

5.1 Model boundary conditions

In order to obtain well defined test results, allow-
ing for a direct and accurate comparison with current
design methods, the following boundary conditions
were adopted for the modelling of the prototype:

– In the centrifuge test only static equilibrium is inves-
tigated. The excavation process is not modelled and
the tunnel module is fixed in place.

– The transition zone between the fluid in the working
chamber and in the surrounding soil is impermeable
to water.

– The initial horizontal effective stress equals almost
half of the vertical effective stress.

– The volumetric mass of the support fluid equals
1000 kg/m3.

– The model scale equals approximately 70.The exact
g-level was chosen in such a way that the model
stresses at tunnel-axis level were representative for
the stresses in the corresponding prototype.

5.2 Tunnel module

The tunnel module consists of a circular tube with a
working chamber at the front side. The outer diameter
of the tube equals 122 mm, the wall thickness equals
approximately 6 mm. The working chamber is filled
with support fluid. A schematic diagram is given in
figure 3. In order to prevent the support fluid from
escaping through the granular soil an flexible imper-
meable membrane is used. The membrane represents
the mudcake that develops on the granular soil in the
prototype. The mudcake is assumed to be imperme-
able. This is under prototype conditions not the case
and a hydraulic gradient exists over the thickness of
the mudcake zone. However, at low support pressures
close to the phreatic water level, the influence of the
hydraulic gradient on global stability is limited.

Support fluid can be pumped in and out the work-
ing chamber in order to control the support pressure.
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Figure 3. A schematic diagram of the tunnel module.

Active failure of the soil body in front of the tunnel
face is simulated by a reduction of the support pressure
(force controlled).

During spinning up of the centrifuge model, the
soil stresses increase. In order to maintain face stabil-
ity during this test phase, the tunnel face is supported
mechanically. However, before the actual centrifuge
test can be executed, the mechanical support must
be removed, and the support pressure must be taken
over by the support fluid. Therefore, to avoid soil col-
lapse or excessive soil displacements inward the tunnel
during this take over, the fluid pressure in the cham-
ber is increased firstly. (Consequently, the load on the
mechanical support decreases.) Since the normal stiff-
ness of the mechanical support is limited, the tunnel
face is pushed a few tenths of microns outwards. The
effect of this outward displacement is negligible, since
the soil reaction remains almost completely elastic.
Once the contact between the mechanical support and
the tunnel face is broken, the mechanical support is
pulled back and the fluid is lowered to the level that
was recorded just before the start of the taking over
procedure.

5.3 Preparation procedure of the soil model

The model test was not only a benchmark test for the
verification of (numerical) design methods, it was also
ment as a mean to predict the prototype behaviour

Table 2. Geotechnical parameters used in centrifuge tests.

Relative Angle of
Layer density Internal
number and Thickness Porosity Dr(e) friction
location d [mm] n [%] [%] φ[◦]

1/under 183 35.1 98.5 44
2/middle 122 39.4 66.5 38
3/upper 160 41.8 46.5 34.5

at the Heinenoord location. Therefore soil properties
must meet prototype properties as close as possible and
must be known within sharp boundaries. Based on the
results of the field and laboratory testing programme,
conducted for the design of the Second Heineno-
ord Tunnel, and assuming a failure mechanism in
accordance with Jancsecz, the relative importance of
the individual soil layers was evaluated. It was then
decided to model the prototype with three geotech-
nical units. For the soil Eastern Scheld model sand
is used. The average particle size of this model sand
(d50) equals 155 µm.The uniformity d85/d15 is 1.8.The
geotechnical strength properties are given in table 2.
All layers are completely saturated with water.

The first layer was densified to the minimum poros-
ity that could be achieved within the model boundaries
(approximately 35%). The soil layers 2 and 3 were
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Figure 4. Section through the centrifuge model.

prepared in the loosest possible density (using the tech-
nique of raining under water), and then compacted
dynamically till the desired porosity was achieved. For
this purpose a number of shock waves was applied
to the soil model (in a vertical direction), while
a surcharge load was placed on top of the model.
Schenkeveld e.a. (1996) has estimated the absolute
accuracy of the porosity of the soil layers to be smaller
than ± 0.6%.

The tunnel was placed in the model after preparation
of the first soil layer. A section through the centrifuge
model is presented in figure 4. The coloured marker
layers, which will be used to determine the shape and
size of the collapsed soil body are not shown.

The homogeneity of the soil layers is illustrated
with figure 5. The model soil boundaries can be distin-
guished clearly in this figure. The smooth increase of
the cone resistance with depth is a proof for the homo-
geneity of the soil model. Compared to prototype, the
model cone resistance of soil layer 2 is on the average
5 MPa higher than the corresponding value in proto-
type. The cone of the model soil layer 3 is almost equal
(in the zone just above the tunnel crown).

5.4 Instrumentation

During execution of the test the following quantities
are measured: time, pressure in the working chamber,
displacement of the membrane, ground water pressure
and the displacements of the surface.

The slurry pressure in the working chamber is meas-
ured using a pressure gauge at tunnel axis height.
This pressure represents the mean pressure on the tun-
nelling face (the distribution of the slurry pressure over

Figure 5. Cone resistant with depth of the soil model.

the height of the tunnel face is also known since the
density of the support fluid is known as well). The
ground water pressure is measured using a pore pres-
sure transducer, which was mounted in the tunnel wall.

The horizontal displacements of the membrane of
the tunnel module are measured at two locations. Both
are located on a vertical line through the centre of the
module at a distance of 32.5 mm (see figure 3). Sur-
face settlements are measured at 25 locations. Those
locations are mainly concentrated at positions just in
front of the tunnel face.

5.5 Test procedure

The general test procedure is given below.

– Preparation of soil layer 1 (see preparation
procedure).

– Installation of the tunnel module. At this stage
the stability of the tunnel face is ensured by a
mechanical support frame.

– Preparation of soil layers 2 and 3 (see preparation
procedure).

– Spinning up of the geotechnical centrifuge.
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– Taking over of the mechanical support of the tunnel
face by slurry pressure (see tunnel module)

– Force controlled lowering of the face supporting
slurry pressure till failure of the soil body occurs.

– Spinning down of the geotechnical centrifuge.
– Removal of the ground water, dismounting of the

soil model and determination of the size and shape
of the collapsed soil body.

6 OBSERVATIONS

6.1 Observations during testing

In figure 6 an overview of the test results is given.
These test results are presented as a function of time.
The line ‘slurry pressure’ represents the fluid sup-
port pressure in the working chamber at tunnel axis

Figure 6. Overview of results of centrifuge test.

level. At time t = 0 sec, the tunnel face is still com-
pletely supported by the slurry pressure. This pressure
reads 240 kN/m2. The water pressure at tunnel axis
level equals 160 kN/m2.The initial horizontal effective
stress needed for equilibrium is approximately equal
to 80 kN/m2 (at tunnel axis level). This value is almost
equal to half of the vertical effective stress at the same
level.

The amount of support fluid, which is pumped out
of the working chamber, is given as the line ‘volume
of pumped-out slurry’. The linear shape proves the
support to be well de-aired and shows that the pump
rate is a constant during the execution of the test.

At the moment that the support fluid is pumped
out of the working chamber, the support pressure
decreases and as a result the rubber membrane starts
to deform inwards the tunnel module. The support
pressure reaches a minimum value at the moment
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that the soil collapses. The support pressure is then
approximately 165 kN/m2.

The displacements of the rubber membrane (tun-
nel face) at a distance of 32.5 mm below and 32.5 mm
above the tunnel axis level are both given. These dis-
placements start to differentiate after full collapse of
the tunnel face. The largest displacements inwards the
tunnel module are recorded below tunnel axis level.

In the same figure the lines ‘surface leveller 5
and 6’ show the soil displacements at surface level at
30 mm and 60 mm in front of the tunnel face respect-
ively. Apparently, at tunnel depth soil displacements
are recorded directly after pumping starts, while it
takes some time before soil displacements are recorded
at surface level. This is a proof for arching. The soil
body between the tunnel face and surface level is
more or less ‘self bearing’ till a minimum support
pressure is reached. Then the soil collapses and large
displacements occur. The largest displacements at sur-
face level were recorded just in front of the tunnel face,
at larger distances from this tunnel face the displace-
ments appeared to become almost zero (see surface
leveller 12 in the same figure). The size of the failure
zone is limited (see also 6.2).

Complete failure (limit state) occurs at a support
pressure of about 5 kN/m2 above the ground water
pressure at tunnel axis level. Till this moment the
soil displacements are very limited. Depending on the
exact stiffness and strength characteristics of the soil,
these displacements are estimated at 5 to 10 mm for
the prototype under consideration.

Figure 7. Size and shape of the collapsed soil body in front of the tunnel module.

6.2 Shape of the collapsed soil body afterwards
the test

Afterwards the test the ground water has been removed
and the exact size and shape of the collapsed soil body
has been determined by subsequently removing parts
of the above and in front laying soil layers. Just by
making vertical and horizontal cuts and using the infor-
mation of the deformed coloured marker layers, it is
possible to create a three dimensional profile of the
collapsed soil body.

The photograph presented as figure 7 shows a sec-
tion through the soil model. The pencil lays on the
horizontal plane, which is located a few millimetres
above tunnel crown level. The point of the pencil is
heading towards the tunnel face. (If the tunnel module
could move, it should move forwards in the direction of
the photographer.) Just behind the point of the pencil
a vertical outcrop through the model arises. The text
board is located on top of the soil model.

On the vertical outcrop, thanks to the relative dis-
placements of the coloured marker layers, the shape of
the collapsed soil body can be distinguished clearly. On
the horizontal plane, which happens to be a coloured
marker layer too, the light area marks the boundaries
of the collapsed soil body in the horizontal plane.
The coloured marker layer is pushed downwards and
original soil is now visible.

In a longitudinal direction the shape and size of the
collapsed soil body have been determined graphically.
The observed failure area is composed by putting all of
the cross sections together. Figure 8 shows the failure
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Figure 8. The shape and size of the failure zone in the longitudinal (left) and in a cross section (right) in front of the tunnel
module.

zone. The thick dashed lines mark the boundaries of
the failure area.

The shape and size of the soil body in the cross sec-
tion, which lays approximately 2 centimetres in front
of the tunnel module is presented graphically in the
same figure (figure 8). In this figure the two ground
layers are given and the position of the tunnel mod-
ule is shown with dashed lines. The following things
can be recognised from this figure. The magnitude of
displacements in the coloured marker layers differ at
various heights. Near surface level displacements are
smaller than those occurring in front of the module.
The boundaries of the collapsed soil body are slightly
curved. The shape of an ‘egg’ has been developed.

7 LIMIT STATE CALCULATIONS

The three dimensional model, proposed by Jancsecz
and Steiner, has been used to compare the test results
with limit state calculations. This three dimensional
collapse model consist of two parts: a silo wedge,
the lower part, and a soil silo, the upper part (see

figure 2). The circular cross-section of the tunnel is
approximated by a square whose sides are as long as
the diameter D of the tunnel. The soil is idealised as a
rigid-plastic material obeying the Mohr-Coulomb fail-
ure condition with cohesion c and angle of internal
friction φ.

The parameters used in this calculation are pre-
sented below:
submerged unit weight: γ = 20 kN/m3

angle of internal friction: φ = 38◦
cohesion: c = 0 kN/m2

inner TBM diameter: D = 7.68 m
cover depth: H = 11.6 m

First the vertical pressure resulting from the soil silo
and acting on the horizontal surface of the soil wedge
has been calculated according to Terzaghi’s solution.
The size of the soil silo depends on the critical inclin-
ation angle β of the soil wedge. For φ = 38◦ and
H/D = 1.5 this inclination angle is 69◦. The circum-
ference of the horizontal plane of the soil silo (U)
can be calculated at 21.1 m. The area of this plane
(F) is 22.2 m2. The resulting vertical stress qs(t) of the
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prism at the interface between soil silo and soil wedge
can be calculated at 32.7 kPa. With knowledge of β a
three dimensional earth pressure coefficient has been
derived: KA3 = 0.16.

The value of the limit support pressure at tunnel
axis level has been calculated at 165 kPa. The water
pressure at this level is 160 kPa. This means that the
excess pressure that is necessary to retain equilibrium
at this level (safety factor = 1) is very low: 5 kPa.

8 CONCLUSIONS

The geotechnical centrifuge has been used to examine
the stability of the tunnel face in saturated sand. The
relationship between face support pressure and dis-
placements at the tunnel face and at surface level has
been determined. From this relationship a few conclu-
sions can be drawn. A slight reduction of the support
pressure immediately results in displacements in front
of the tunnel face. Due to arching in the above soil layer
no surface settlements occur as a result of this reduc-
tion. Further reduction of the support pressure, almost
equal to the ground water pressure leads to complete
collapse of the soil body. Still the displacements at sur-
face level are quite smaller than those in front of the
tunnel face.

In the centrifuge test the transition zone between
the fluid in the working chamber and the surrounding
soil has been modelled as a membrane, which is a sim-
plification of the reality. The infiltration of the slurry
into the ground has not been taken into account.

After the test the ground water in the test set-up
has been removed and the shape and size of the col-
lapsed soil body could, thanks to the various coloured

markers, be determined precisely by making vertical
and horizontal cuts in the dry ground model.

The simple three dimensional model, proposed by
Jancsecz and Steiner has been used to make a limit
state calculation of the slurry pressure. The calculated
limit support pressure is slightly larger than the ground
water pressure at tunnel axis level.

Comparison of these results with the test results
shows reasonable agreement. It can be concluded that
the three dimensional model as proposed by Jancsecz
and Steiner is valid for the typical soil conditions at
the site of the Second Heinenoord Tunnel.
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Blow-out pressures measured in a centrifuge model and in the field

Adam Bezuijen
GeoDelft, The Netherlands

Henk E. Brassinga
GeoDelft, The Netherlands

ABSTRACT: A blow-out that occurred during the drilling of the 2nd Heinenoord Tunnel is investigated and
the measured pressures are compared with measurements that were obtained during centrifuge experiments
performed to investigate the maximum grouting pressure. Although geometry of the tunnel face is different from
the geometry of the centrifuge tests, comparable results were obtained. It appeared that the pressure at which a
blow-out occurred was equal to the pore pressure plus 2 to 3 times the vertical effective stress. This is more than
what is often used as an upper boundary (pore pressure plus 1 time the vertical effective stress), but much less
than according to some theoretical predictions.

1 INTRODUCTION

To prevent a blow-out at the tunnel face or during
grouting of the tail void it is of importance to know the
maximum pressure allowed. A blow-out that occurred
during the drilling of the 2nd Heinenoord Tunnel
showed that this is not only a theoretical risk.

In the shield tunneling practice it is generally
accepted that the maximum allowable pressure at the
tunnel face is equal to the pore pressure plus the verti-
cal effective stress at the top of the tunnel. In theoretical
studies, (for example Jancsecz & Steiner, 1994; Anag-
nostou & Kovári, 1994 and Leca & Dormieux, 1990)
more attention was paid to the minimum allowable face
pressure than to the maximum pressure.

In this paper the measurements during the blow-
out that occurred at the 2nd Heinenoord Tunnel will
be analysed and compared with measurements from
centrifuge tests that were performed to investigate the
maximum grouting pressure.

2 THEORIES ON MAXIMUM PRESSURE

Leca & Dormieux (1990) calculated the maximum
pressure at the tunnel face. They elaborated the fail-
ure mechanism that a soil wedge breaks out due to
high pressures at the tunnel face. However, the cal-
culated maximum pressures according to their theory
are much higher than values used in practice. The rea-
son is that at the tunnel face the soil is loaded with a
liquid and this will cause a fracture instead of a failure

by a wedge. The fracture is possible at much lower
pressures.

Luger & Hergarden (1988) calculated the maximum
pressure that can be used for horizontal directional
drilling using the cavity expansion theory. Cavity
expansion theory is regularly used to calculate the limit
pressure in a spherical or cylindrical cavity. Also this
limit pressure is too high to be used as the maximum
allowable pressure during drilling. Luger & Hergarden
stated that according to cavity expansion theory there
is a zone of plastic deformation around a cavity. If this
zone of plastic deformation exceeds the soil surface,
it is likely that in reality failure will occur. Although
Luger & Hergarden showed that reasonable results
could be obtained using their theory, they also did
not take into account that the soil is loaded with a
liquid.

3 FIELD MEASUREMENTS

An instability of the tunnel face, caused by a blow-out
occurred during the drilling of the 2nd Heinenoord
Tunnel in the Netherlands. A tunnel with a diameter of
8.5 m was drilled below the river Old Meuse. At the
moment of the blow-out the tunnel was covered with
4 m of Pleistocene sand with a friction angle of 36.5
degrees. The total cover, including this sand was 8.6 m
of soil and above the soil 11 m of water, see Figure 1
(in this schemed overall figure the pleistocene layer is
thicker, the mentioned layer thickness is determined
from data close to the blow-out). The soil above the
sand consists of different materials, mostly relatively
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soft soils, but also a layer of rip-rap and 1 m of sand.
The top of the tunnel is 19.6 m below the water. The
total stress at the top of the tunnel is calculated using
the measured volumetric weights of the various soil
layers is estimated to be 268 kPa. This corresponds
with a total stress of 324 kPa at the centre of the tunnel.
The effective stress is 73 and 87 kPa respectively. The
face pressure before, during and after the blow-out is
shown in Figure 2.

The strongly fluctuating pressures measured until
approximately 2.65 hour after the start of that day
indicate the drilling process. As usual during the con-
struction of a bored tunnel the drilling was interrupted
for the placing of a new ring. At 3.35 hour the cutting
wheel was started again, leading to a small increase of
the fluctuations in the pressure.

A relatively high face pressure was applied because
lumps of clay were present in the mixing chamber. It
was tried to remove these by a high pressure gradient
over the discharge pipe.

At a pressure of 450 kPa at the tunnel centre the
pressure suddenly dropped to 280 kPa. For some time
it is tried to keep a certain face pressure by pumping
bentonite. However, this was not successful and the
pressure dropped to 260 kPa, close to the hydrostatic
pressure (238 kPa).A hydraulic fracture occurred from
the tunnel up to the river bottom, where a lot of

South
Old Meuse North

Holocene

appr. position blow-out

PleistocenePleistocene

Pleistocene8.5 m

11 m

Figure 1. Schemed soil profile for the 2nd Heinenoord
Tunnel and position blow-out.
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Figure 2. Face pressures measured at tunnel centre during
blow-out 2nd Heinenoord Tunnel.

bentonite was found afterwards. The face pressure of
450 kPa was measured at the axis of the tunnel. The
pressure at the top of the tunnel depends on the density
of the slurry. Since drilling just started the density will
be low, a value of 1200 kg/m3 is assumed. At the top
of the tunnel, the face pressure during the blow-out
was in that case 405 kPa and this is equal to the pore
pressure plus 2.8 times the effective pressure.

These data were not obtained directly after the blow-
out. Only time-averaged data over each ring were
available at that moment. The averaged pressure was
an average over the high pressure before the blow-out
and the low pressure after the blow-out. From these
data it was first concluded that the blow-out occurred
because the total vertical pressure was just exceeded.
Only when the time registrations became available,
it could be concluded that the face pressures at the
moment of the blow-out were much higher than they
seem using the time averaged pressures.

In the evaluation it was suggested that it is unlikely
that only the pressure causes the blow-out. The pres-
sure was at a level of more than 450 kPa for several
minutes and was actually decreasing at the moment
of blow-out. It seems more likely that a combina-
tion of pressure and groundwater flow causes the
failure. The bentonite forms a filter cake at the face
when the drilling is stopped. This filter cake was
destroyed as the drilling was started again, lead-
ing to an upward directed groundwater flow. This
flow decreased the effective stresses, which together
with the high pressure caused the blow-out, see also
section 5.2.

4 CENTRIFUGE TESTS

Centrifuge tests have been performed to investigate
the grouting process, see for more information about
these tests Bezuijen & Brassinga (2001). In these cen-
trifuge tests a tail void was created, with a minimum
deformation of the soil around the model tunnel. The
tail void was directly filled with a bentonite slurry to
simulate the grouting process, see Figure 3.

fixed

soil in container

sliding

bentonite slurry

bentonite slurry supply

pressure gauge

tube with slits

outer tube representing the TBM
(moving)inner tube representing the lining

(not moving)

Figure 3. Sketch of the centrifuge module made to simulate
the grouting process. Not to scale.
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The outer tube in this figure simulates the tail of
a TBM, it has a diameter of 130 mm. The inner tube
represents the lining and has a diameter of 125 mm.
The created tail void is 2.5 mm in the model.

After the filling of the tail void, the pressure in
the bentonite slurry was increased until a blow-out
occurred to investigate the maximum pressure that can
exist in a soil when loaded with a liquid. Bentonite
pressure was measured on several locations as well
as the total pressure, pore pressure and soil movement
at the surface. Three tests were run: one at 150 g in
which the model tunnel was covered with sand and two
at 40 g in which the model tunnel was covered with
sand and clay.

4.1 First test

The first test was performed at 150 g. In this test the
module simulates a very large tunnel with a diameter
of 18.75 m. This test was performed to test the module
at design conditions.

The bentonite concentration in the slurry was
230 gr/l. The soil model consists of sand with a rela-
tive density of 65%. 0.2 m of saturated sand is placed
above the top of the tunnel, leading to an effective
stress of 270 kPa at the top of the tunnel. At the end of
the test the pressure is increased by pumping bentonite
into the gap between the two tubes without moving the
tubes with respect to each other. The result is shown
in Figure 4.

In this plot the excess bentonite pressure above the
water pressure is presented. It appears that the increase
in bentonite pressure leads to an increase of the effect-
ive stress only (the pore pressure remains constant
and the total soil pressure increases). Bentonite pres-
sure was increased to the pore pressure plus 2.3 times
the calculated effective stress at the top of the tunnel,
but no real failure occurred. The pressure drop at the
end of the test occurred because the test was stopped
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Figure 4. Pressures and deformation during first limit pres-
sure test. Betonite pressure is the excess pressure with respect
to the pore pressure at the top of the model.

and the pressure was released. The deformation
measured on the soil surface directly above the module
is only limited.

After digging out the module, it was found that
bentonite had spread below the module, but no soil
failure was found. The bentonite was penetrated over
a distance of only a few grains into the sand.

4.2 Second test

The second test was a test at a g-level of 40 g.The mod-
ule was again surrounded with sand with a relative
density of 65%. Bentonite slurry with a concentra-
tion of 160 gr/l was used. With this concentration the
bentonite slurry has a yield stress of 100 Pa and a dens-
ity of 1050 kg/m3. A sand layer of 77.5 mm is present
above the tunnel. Above this sand there is a clay layer
of 170 mm and the top of the soil model is 5 mm of
sand. The water level is at the top of the sand layer of
5 mm. The effective stress at the top of the tunnel was
in this test 87 kPa.

Again bentonite pressure was increased at the end
of the test. The result is shown in Figure 5.

Also in this test the increase in bentonite pressure
leads to an increase in the effective pressure only, and
again the pore pressure remains constant. Here a fail-
ure of the soil around the tunnel is reached, because
there is a maximum in the measured bentonite pres-
sure. Failure was reached at a pressure of 190 kPa
above the pore pressure, which is 2.2 times the effect-
ive pressure at the top of the tunnel. After the test

the failure could be found in the bentonite as a line
where the bentonite had penetrated into the sand and
a fracture occurred, see Figure 6.

4.3 Third test

The third test was performed for the same conditions
as the second test. The results are shown in Figure 7.
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Bentonite penetrated into the sand

Figure 6. Grouting module after second test. Bentonite
around the module after removing of the sand. Note the
location where the bentonite has entered the fracture.
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Figure 7. Pressures and deformations during third limit
pressure test. Betonite pressure is the excess pressure with
respect to the pore pressure at the top of the model.

The results are more or less comparable with the results
obtained from the second test, but a higher limit pres-
sure is reached (215 instead of 190 kPa) and the test
showed a clearer maximum in the pressure. The max-
imum pressure measured corresponds with the pore
pressure plus 2.5 times the vertical effective stress.

5 DISCUSSION

5.1 Limit pressures without groundwater flow

The geometry of the tunnel face instability is differ-
ent from the geometry of the grouting experiments in
the centrifuge.Yet it appeared that comparable stresses
(related to the effective stress) are necessary to initiate
a failure.

2-D Finite element calculations were performed
with the PLAXIS program as prediction for the 2nd

Table 1. Parameters used in numerical calculations.

Parameter Speswhite clay Sand med. dens.

γwet (kN/m3) 17 19.6
c′ (kPa) 1 8.3
Friction angle (deg) 23 37
Dilatancy angle (deg) – 9
Poisson’s ratio (−) 0.45 0.3
E50 (MPa) 1.5 58
K0 (−) 0.53 0.4
n (−) – 0.394
κ (−) 0.118 –
λ (−) 0.589 –
ν soft soil (−) 0.2 –

Table 2. Comparison between various experiments. Pres-
sures at the top of the structures.

Test g-level P − Pw (kPa) σv (kPa) p − pw/σ ′
v

Hein. 1 192 73 2.8
1st 150 620 270 2.3
2nd 40 190 87 2.2
3rd 40 215 87 2.5
PLAXIS – 2.5

and 3rd experiment. The hardening soil model was
used for the sand and for the clay the soft soil model
was used (Plaxis, 1998). The parameters used in these
calculations are presented in Table 1.

A finite element program normally does not present
limit pressures, the maximum pressure for which a
stable solution was possible is presented in the table.
This pressure was found to be equal to the pore pressure
and 2.5 times the vertical effective stress.The pressures
found are also summarised in Table 2.

A finite element program normally does not present
limit pressures, the maximum pressure for which a
stable solution was possible is presented in the table.
This pressure was found to be equal to the pore pressure
and 2.5 times the vertical effective stress.The pressures
found are also summarised in Table 2.

The finite element calculations did not take into
account that loading is applied with a liquid, the possi-
bility of fractures was not simulated. For the situations
tested, this appeared to have only a limited influ-
ence. However, it seems likely that not taking into
account the fact that loading occurred with a liquid,
over-predicts the maximum possible loading at greater
depth. The bentonite penetrated into the soil, as can be
seen in Figure 6, showed that failure is localized to
some areas as described for hydraulic fractures. From
this it was concluded that localization of the strains in
the soil could be the cause of the failure. This would
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Figure 8. Sketch of the course of the effective pressure with
and without groundwater flow (flow induced by the excess
pressure on the tunnel face).

lead to a different failure criterion than simulated with
the finite element calculations or the one suggested by
Luger & Hergarden (1988).

The fracture pressure for competent rock and clay
is determined from the pressure leading to tensile
stresses larger than the tensile strength of the material
in the rock (Andersen et al., 1993). Such a criterion
cannot be used for sand. Assuming a Mohr-Coulomb
constitutive model, the relation between the radial
stress (σr) and the hoop stress (σθ) can be written as:

σθ = σr
1 − sin φ

1 + sin φ
− 2c

cos φ

1 + sin φ
(1)

where φ is the friction angle of the material and c the
cohesion. It is clear from this formula that without
cohesion the hoop stress (σθ) will always be posi-
tive and will only increase when the radial stress (σr)
increases. This means that fractures in sand will not
occur due to a negative hoop stress. It is likely, although
not proven that fractures occur due to localization of
strains. The first results of numerical calculations per-
formed at our institute using a discrete element method
to simulate the fractures point out in that direction.
However, more work has to be done in that direction to
be sure that the results of these calculations correspond
with reality.

5.2 Limit pressures with groundwater flow

Very thick bentonite slurry was used in the cen-
trifuge test. This slurry hardly penetrates into the soil

and therefore the increase in grout pressure did not
lead to an increase in pore pressure in the soil, see
Figures 4, 5 and 7.This was not the case during drilling
of the 2nd Heinenoord Tunnel. Measurements have
shown that the pressure at the tunnel face causes excess
pore pressures in the soil during drilling, see for exam-
ple Bezuijen et al. (2001). These excess pore pressures
can decrease the ultimate pressure at the tunnel face
before a blow-out.This can be understood qualitatively
using Figure 8.

Without groundwater flow an increase in pressure
at the tunnel interface will lead to an increase in the
effective stress. This increase will be at maximum
close to the tunnel. In case the pressure is applied as a
pore pressure (as seems to be the case at the tunnel face
during drilling), the effective stress in the direct vicin-
ity of the tunnel is only small. Effective stress will build
up due to groundwater flow at some distance from the
tunnel as is indicated in Figure 8. However, the mean
effective stress from the tunnel to the soil surface will
be less than in the situation without groundwater flow
and therefore also the strength of the soil will be less.
It is therefore more likely that a blow out will occur
when there is a groundwater flow.

This mayexplain theblow-outat the2nd Heinenoord
Tunnel. The plot of the pressures, Figure 2, showed
that the blow-out occurred after the maximum pressure
was reached. The blow-out occurred when drilling was
just restarted after the placing of a ring of the tunnel
lining. It seems likely that a combination of pressure
and groundwater flow causes the failure.The bentonite
forms a filter cake at the tunnel face when the drilling
is stopped, see also (Bezuijen et al., 2001). This filter
cake was destroyed as the drilling starts again, lead-
ing to an upward directed groundwater flow. This flow
decreases the grain stresses, which together with the
high pressure causes the blow-out.

5.3 Summarising

The various experiments showed comparable values
of (Pu − Pi)/σ ′

v at which soil failure occurred. The
difference between failure caused by too high front
face or too high grouting pressures is only small.
However, looking more in detail to the various experi-
ments, it seems that various failure mechanisms are
present. Further research has to show how general
applicable the results obtained are and the relative
importance is of the various failure mechanisms
distinguished.

6 CONCLUSIONS

The maximum pressure that can be applied at the tun-
nel face or during grouting is investigated for a tunnel
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made in sand. It was found that in a field test as well
as in centrifuge tests the value of (Pu − Pi)/σ ′

v varies
between 2 and 3. The highest value was found in a
prototype blow-out of a tunnel face. This can be
explained qualitatively from the geometry that was
different from the geometry of the other tests.

It appeared that for the 2nd Heinenoord Tunnel,
the prototype ring-averaged pressures indicate a much
lower pressure for the blow-out than the actual values.

Various possible failure mechanisms could be dis-
tinguished. Hydraulic fracturing is of importance and
groundwater flow seems to have an influence on the
maximum pressure that can be applied. In spite of these
different failure mechanisms, the pressures at which
failure occurred are comparable in the various situ-
ations.Within the limits of this study it was not possible
to derive how general applicable this result will be.
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The stability of a tunnel face in soft clay

Adam Bezuijen
GeoDelft, The Netherlands

Adriaan van Seters
Fugro Ingenieursbureau, The Netherlands

ABSTRACT: The stability of a tunnel face in soft clay is investigated in centrifuge tests. The minimum front
face pressure was measured and the deformations were monitored at both the clay surface and the tunnel face for
various support pressures. The width of the settlement trough appeared dependent on the depth of the trough for
as well a test in sand as for a test in normally consolidated clay with a cover diameter ratio of 0.6. The maximum
surface settlement before failure of the clay in front of the tunnel increases exponentially with a decrease of the
front face pressure. An analytical lower bound calculation method for the minimum allowable face pressure is
compared with the results of the tests. It appeared that the calculation method results in much higher minimum
allowable face pressures than measured in the tests. With respect to this aspect a bored tunnel in soft clay with a
limited cover is feasible when the settlement requirements are not too strict.

1 INTRODUCTION

The drilling of several tunnels in The Netherlands has
initiated research on tunnelling in soft soil conditions.
Up to now these tunnels were constructed in sand
for most of their length and therefore attention was
focussed on the stability of the tunnel face in sand
(see for example Bezuijen et al, 2001, Broere & van
Tol, 2000, Broere, 2001).

In recent plans, for example for a light rail project in
the city of Rotterdam, the possibility of a drilled tunnel
is considered that is partly located in soft Holocene
clay layers. One of the problems that occur for the
construction of such a tunnel is the stability of the
tunnel face during drilling.

This problem was envisaged in the research pro-
gramme of BTL (Research Foundation: Horizontal
Directional Drilling & Tunnelling) and the problem
was studied in a centrifuge test. Starting point was the
research performed by Davis et al (1980).This research
suggested that in soft clay local instability of the tunnel
face could be the governing mechanism that deter-
mines the minimum allowable front face pressure.
A high minimum allowable front face pressure means
that there is a risk of a blow-out and this would signifi-
cantly hamper the possibility of drilling a tunnel in soft
clay with a soil cover of less than one tunnel diameter.

This paper outlines the theory as presented by Davis
et al and some results of FEM calculations. It further
presents the set-up of the experiments, the results and
conclusions.

2 THEORY

Davis et al (1980) reported on centrifuge tests to deter-
mine the stability of a tunnel face in clay. They present
stability criteria to evaluate the test results. The pro-
posed calculation method to calculate the minimum
front face pressure for stability of the tunnel face is a
combination of a global stability criterion and a local
criterion. The global criterion is described with an
analytical calculation using a lower bound and upper
bound solution. The lower bound criterion presents
for this situation the minimum pressure necessary
to ensure a stable front face, the upper bound the
minimum pressure below which there is certainly a
collapse. For the use in a design the lower bound is
of more importance and therefore will be elaborated
further in this section. The lower bound criterion in
a weightless soil, as presented by Davis et al can be
written as:

where: σs is the overburden pressure, σT the pressure
at the tunnel face, which is supposed to be uniform, su
the undrained shear strength and C and D the cover and
diameter of the tunnel respectively. For a soil with a
certain weight the stability criterion can be written as:
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Figure 1. Plane strain situation comparison of analytical and
numerical method.

Where:

The local stability is presented as a function of γcD/su
for constant pressure at the tunnel face, where γc is the
unit weight of the soil. In case of a slurry shield this can
be written as (γc − γs)D/su with γs the unit weight of
the slurry. Davis et al (1980) reported calculations in
which it was found that in case of plane strain heading
the heading was stable up to (γc − γs)D/su = 5.63 for
σT = γc(C + 0.355D). The stability of a circular head-
ing (as in a real tunnel) will be equal or higher. Here
this result for plane strain heading is also used for a cir-
cular heading.As a combination of the global and local
criteria it is suggested to determine a lower bound crite-
rion, to plot N for the weightless simulation and for the
situation (γc − γs)D/su = 5.63 and to draw a straight
line in between. The N value for (γc − γs)D/su = 5.63,
N = 0.84, was obtained by combination of Equa-
tion (2), the relation σT = γc(C + 0.355D) and
(γc − γs)D/su = 5.63.This calculation is performed for
the circular heading, using Equation (3) for the weight-
less situation and for the plane strain heading using the
equation:

as was also proposed by Davis et al.
This calculation is a lower bound calculation and

therefore it can be expected that for a certain value
of (γc − γs)D/su the N value is in reality higher than
according to this figure resulting in lower collapse
pressures (σT) and thus lower allowable minimum face
pressures. However, with no other information avail-
able the lower bound calculation is used in design.

The research described here has the goal to get quan-
titative information about the differences between the
collapse pressures (σT) according to the lower bound
calculation and according to measurements.

2-D finite element calculations with the PLAXIS
program (TEC, 1996) were run to check the stability
calculation as proposed by Davis et al for the plane
strain situation with C/D = 0.8 and as predictions for
the centrifuge tests. The results are presented Figure 1
in comparison with the results of the method of Davis
et al. The PLAXIS calculations showed for soft clay a
different trend in the stability number N (with mostly
higher values of N). This result would increase the
possibilities for drilling tunnels in soft soil if it could
be confirmed by tests.

3 TESTS PERFORMED

3.1 Test set-up

For these tests a model tunnel of 150 mm diameter is
completely located in normally consolidated clay (this
may not be very practical for a real tunnel due to set-
tlement problems, but was studied here as an extreme
case of a tunnel partly in clay). A cover/diameter ratio
(C/D) of 0.8 and 0.6 was used in two tests. Before the
tests in clay a test in sand was performed with also
a C/D of 0.8. The test set-up for the test in clay with
C/D = 0.8 is shown in Figure 2. The other tests had
the same set-up, but no clay was present in the sand
test and a thinner layer of clay above the tunnel was
applied in the second clay test. A 0.9 m diameter inner
container was used in which the tunnel was mounted
and the soil model prepared.

Eastern Scheldt sand with a D50 of 155 µm was
used. The sand bed on the bottom of the container was
made by under water tamping of thin layers of sand.
In this way a 100% relative density was reached with
a porosity of 35%. This prevented settlement of the
sand during the test. The sand around the tunnel was
applied using the method described by Van der Poel &
Schenkeveld (1998) and had a porosity of 42%. The
friction angle of the sand used at this porosity is 36
degrees. Normally consolidated Spesswhite clay was
used as a clay layer. The properties of this clay are
summarized in Table 1.

The clay was prepared using hydraulic consolida-
tion after installation of the clay as a slurry in the
container. Hydraulic consolidation took place in the
inner container with the tunnel in place. This proced-
ure ensures an undisturbed tunnel face in front of
the tunnel. The clay was reconsolidated in the cen-
trifuge before the start of the test. The estimated
value of su varied between 12 and 26 kPa (19.2 kPa
at the tunnel axis) for the C/D = 0.8 situation and
between 9 and 24 kPa (16.2 kPa at the axis) for
C/D = 0.6.
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Figure 2. Test set-up.

Table 1. Properties of Speswhite clay.

Property Value

unit weight constituent 26.1 kN/m3

liquid limit 69%
plastic limit 31%
water content at P1 = 1 kPa 91%
su/σ ′

v 0.22
γ ′

1 4.76 kN/m3

b 0.075

The tests were performed at 66 g, thus simulating a
tunnel of 10 m diameter.The tunnel face was simulated
with a membrane. A plunger and water supported the
membrane during spinning up of the centrifuge. At
the start of the test the pressure behind the membrane
was increased up to a level high enough to prevent
deformation by pumping sufficient water behind the
membrane by means of an electrically driven plunger
pump. Then the plunger was withdrawn. The pressure
was then slowly decreased (by pumping water out)
and deformation was measured at the tunnel face (at 7
locations) and at the ground surface (at 25 locations).
The whole procedure of reduction of the face pressure
lasted 3 minutes. This means that the stability of the
front face and the deformations involved are tested for

an undrained situation in normally consolidated clay
during the clay tests.

3.2 Preparation of clay layers

To obtain normally consolidated clay it is necessary
that the slurry after consolidation results in a clay layer
of the desired thickness without any trimming of the
layer. It was therefore necessary to have a rather accur-
ate prediction method to determine the thickness of the
clay layer as a function of the amount of slurry used.
The relation between clay volume and pressure for vir-
gin compression as suggested by Den Haan (1994) was
used, valid for large strains:

Where V is the volume of the clay at pressure P, V1 the
volume at pressure P1 (the reference pressure) with
below water volumetric weight γ ′

1 and b a coefficient.
The pressure distribution cannot be calculated straight-
forward, because it will be a function of the weight of
the clay layer above the layer considered. For a thin
layer of clay it can be written:

151

Copyright 2006 by Taylor & Francis Group, LLC

  



Where Ng is the ratio between the actual and normal
(1g gravity), γ ′ the volumetric weight below water and
z the depth below the surface. Equation (5) can also
be written as:

Combination of Equations (6) and (7) and integration
results in a relation between pressure and thickness of
the clay layer:

This relation is valid as long as Ng is constant. This
is not really the case in a centrifuge since Ng varies
with z, but calculations have shown that in our case
the influence on the relation between z and P is only
small. Since the amount of clay powder is known, P
at the bottom is known and z can be calculated. The
parameter b was determined by means of small-scale
centrifuge tests. γ ′

1 is derived from the water content
at P1 (normally 1 kPa). The values found are presented
in Table 1.

With the formulas it can be calculated that at 66 g
a layer of 0.397 m slurry (with a water content of
100%) will consolidate to a layer of 0.28 m clay. An
extra correction was necessary for this test because the
volume of the tunnel will be the same before and after
consolidation. The procedure was developed for these
tests and appeared quite accurate. Also in other tests
with different g-levels it showed to be able to present
an accurate prediction of the final clay layer.

Figure 3 presents as an example the water con-
tent and γ ′ as a function of depth for the situation
in these tests (g level 66 times gravity) calculated
with the model described above assuming normal
consolidation.

3.3 Test results

3.3.1 Maximum surface settlement
The maximum settlement at the surface was found
with the displacement gauge 30 mm straight in front
of the tunnel face for the sand test and 90 mm in
front of the tunnel face for the clay tests. The max-
imum measured surface settlement at these locations
is shown as a function of the pressure (σT) in Figure 4.
The settlement is presented in prototype values (66
times the measured model values) for the test in
sand and the test in clay with C/D = 0.8. It shows
the maximum settlement measured as a function of
the pressure at the axis of the tunnel face. It was
measured by applying an increase in volume loss
at the tunnel face by pumping water from behind
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Figure 3. Calculated water content and γ ′ as a function of
depth for the conditions during these tests.
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Figure 4. Measured maximum surface settlement as a func-
tion of the face pressure with increasing volume loss at the
front face during the experiment. Prototype values for a tunnel
face placed in sand and in clay.

the membrane. A logarithmic axis is used for the
settlement.

The decreasing pressure from 165 to 152 kPa in
the clay test shows an exponential increase in sur-
face settlement (an approximately linear relation on
the logarithmic scale). It is assumed that at a pressure
of approximately 152 kPa a failure surface occurred.
With this failure surface established, higher pressures
were necessary to obtain a stable tunnel face. The
resulting minimum in the face pressure was used for
comparison with the calculated minimum pressure.

This minimum could be obtained because the pos-
ition of the membrane of the model tunnel was volume
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Figure 5. Surface settlements (prototype dimensions) at
various times in the experiment with C/D = 0.6. Results fitted
with a Gauss curve.

controlled. In a pressure controlled situation, as nor-
mally present in a tunnel, the minimum in the pressure
would lead to a collapse of the tunnel face.

The curve for the sand test is comparable, but the
minimum pressure has a lower value. Furthermore the
minimum is reached at much lower settlement (61 mm
in the clay test and 6.7 mm in the sand test), caused by
the larger stiffness of the sand.

3.3.2 Settlement trough
The instrumentation did not allow for measuring the
settlement trough perpendicular at the tunnel axis at
the position of the maximum settlement trough. How-
ever, it was possible to measure the trough directly
above the tunnel face.The data were fitted with a Gauss
curve:

where s is the settlement at a distance x from the axis
of the tunnel, s0 is the settlement at the axis and i
is the parameter determining the width of the settle-
ment trough. The settlement trough for the test with
C/D = 0.6 is shown in Figure 5.

The results are used to determine the width of
the settlement trough as a function of the amount of
settlement. The measurement results were fitted to
Equation (9) using a non-linear regression technique.
The results are presented in Figure 6 in dimensionless
units by dividing both the settlement and the measured
i by the diameter of the tunnel. It appeared that a larger
settlement leads to a smaller i especially for the test in
sand and the test in clay with C/D = 0.6. The result for
C/D = 0.8 is less clear.

Earlier experiments have shown an influence of the
settlement on i for sand, but not for clay. Probably the
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Figure 6. Width of the settlement trough (represented by the
parameter i in Equation (5)) as a function of the amount of
settlement.

Figure 7. Measured soil deformation in microns at the tun-
nel face just before the moment of collapsing of the front face.
Interpolated from measurement points indicated by circles.

influence found here has to do with the relatively small
cover over the tunnel.

3.3.3 Deformations at the tunnel face
A result of the measurements at the tunnel face is
shown in Figure 7. It shows the deformations of the
tunnel face at minimum pressure (151.2 kPa) in the
C/D = 0.8 clay test in model dimensions. The result
shows that the reduction of face pressure leads to defor-
mations of clay predominantly in the middle of the
front face.

After the clay test with C/D = 0.6 the failure surface
in the clay was determined using x-ray tomography.
The results of this determination have been reported
elsewhere (Kruse & Bezuijen, 1998).
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4 COMPARISON WITH CALCULATIONS

The measured minimum pressures in the clay tests
were compared with the calculation method outlined
in Chapter 2. Since the undrained shear strength var-
ied over the tunnel face the average value (the value
at the tunnel axis) was used in the back calculations.
Figure 8 shows the stability lines according to theory
and the measured minimum pressure just before a fail-
ure surface occurred (the minimum in the face pressure
as shown in Figure 4).

It is clear from the figure that the N value measured
is much larger than the value according to the calcula-
tion method. It should be larger because the calculation
is a lower bound calculation. From Equation (2) it can
be seen that a higher value of N means that a lower face
pressure can be used and such a lower face pressure
means that drilling can be performed at lower values
of C/D.

As mentioned in Chapter 2, the calculation method
is based on the combination of a global and local stabil-
ity criterion. It seems that the stability factor is higher
because the influence of the local stability criterion is
overestimated in the theory. The PLAXIS calculations
as well as the results of the centrifuge tests show stabil-
ity numbers that are less dependent on (γc − γs)D/su
than according to the calculation method. It should
be noted that 2 times a lower bound approximation
is used for the calculation method: first to derive the
minimum pressure in the weightless situation and sec-
ond to combine the global and local instability. It is
therefore not surprising that the measurements lead to
higher stability numbers.

Table 2. Influence on N when a limited
surface settlement is required.

max. surface face
settlement pressure N
(mm) (kPa) (−)

61 152 3.75
10 156 3.55
1 164 3.14

5 DISCUSSION ON THE RESULTS

Up to now the results of the calculations are compared
with the measured minimum front face pressure neces-
sary for stability. However, it appeared from Figure 5
that the minimum front face pressure in soft clay cor-
responds with relatively large settlements. A higher
front face pressure will be necessary for limited set-
tlement of the surface due to front face deformation.
This limited settlement can be reached with a slightly
lower value of the stability parameter. As an exam-
ple it is calculated what is the influence on N, using
Figure 5, if the settlement is limited to 10 mm or 1 mm.
The result is presented in Table 2.

The results show that also in soft clay only a limited
increase in pressure above the minimum pressure at the
front face is needed to practically eliminate the settle-
ment due to the front face deformations. Also when
limited surface settlements are required the N value is
still well above the value according to the analytical
calculation method.

6 CONCLUSIONS

The centrifuge experiments in combination with the
calculations described in this paper have led to the
following conclusions:

1. A method has been developed to come to an accur-
ate prediction of the thickness of a clay layer of
normally consolidated clay depending on gravity
and amount of slurry used.

2. The actual stability factor N as found in centrifuge
tests is well above the value obtained from the lower
bound calculation method.

3. The width of the settlement trough seems to
decrease with larger surface settlements for a tunnel
in sand and a tunnel in soft clay with a small cover.

4. The results indicate that a bored tunnel with a low
cover/diameter ratio of about 0.6 can be constructed
safely in soft clay with respect to the necessary front
face pressure.

It is noted that other aspects of shallow tunnelling in
clay, such as the forces on the lining and problems
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that can occur with the steering of the tunnel boring
machine have not been studied in this project.
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Simulation of the EPB-shield TBM in model tests with foam as additive

Adam Bezuijen
GeoDelft, The Netherlands
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ABSTRACT: Model tests have been performed to investigate the behaviour of a sand-water-foam mixture. A
TBM with an earth pressure balance shield was simulated. Saturated sand was mixed with foam and the sand-
water-foam mixture was removed with a screw conveyor. The properties of the mixture in the ‘mixing chamber’
and in the screw conveyor have been studied. Two different sands where tested with a d50 of 135 µm and 300 µm
respectively and two different foams. Changing the sand had a significant influence on the result. The influence
of the type of foam was less.

1 INTRODUCTION

Applying foam as an additive when drilling with an
EPB-shield through sand is to a large extent still based
on empirical experience. Properties of the foam are
in most cases determined at atmospheric pressure
(Woude van der 1996), or if not, at high pressure gra-
dients (Condat 1998, Maidl 1995). In field conditions
there can be a pressure of several bars, depending on
the depth of the TBM and the position of the phreatic
surface, but the pressure gradients will be limited.

To investigate the mechanisms involved, model tests
have been performed. In these tests the relevant param-
eters were measured (penetration of foam in the sand,
volumes, amount of removed mixture, pressures etc.).
Two different sands were tested and two different
foams. One foam was tested with two the different
sands, the other with one sand only.

This paper deals with the set-up of the tests and
the results of the measurements. The results are com-
pared with other work on foam and conclusions are
presented.

2 TEST SET-UP

2.1 Principle

Figure 1 shows schematically a TBM with an EPB
shield, tunnelling through sand, using foam. During
this process sand will be cut from the subsoil, moved
into the working chamber and transported through the
screw conveyor, influencing porosity, effective stress
and pore pressure. The figure shows the assumptions
that were used for the set up of the test.

excess pore press.

porosity
vert. eff. stress

tunnel

distance (m)

kPa or-

working chamberscrew conveyor

rotor

Figure 1. Sketch of course pore pressure, porosity and
effective stress in front of a EPB shield.

During drilling there will be an excess pore pressure
in the sand. This excess pore pressure was measured
in the field in front of a slurry shield during drilling
(Bezuijen et al. 1999). In the since the completion of
these tests and the writing of the paper it is proven that
this excess pore pressure is also present in front of a
EPB shield drilling in sand using foam (Fugro 2000).

2.2 Model EPB

The most important part of the test set-up is shown
in Figure 2. Not shown are the foam generator and
a foam container from which the foam was released
into the model container. Two types of test could
be performed. In the set-up as shown on the left
side of the figure mixing tests were performed. A
sand-water-foam mixture was prepared and proper-
ties of this mixture (permeability, compressibility,
yield stress) were measured. Results of this type of
test are described in Bezuijen et al. (1999). This
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Figure 2. Test setup for both types of tests.

paper focuses on tests with the set-up shown on
the right hand side of this figure. In these tests the
drilling process is simulated including the removal of
the mixture through the screw conveyer. Experiments
were performed at a pressure 1 bar above the atmo-
spheric pressure.Two different foams were used. Foam
was prepared using equipment and recipe of the foam
supplier. Foam expansion ratio was around 15 in the
experiments. The expansion ratio was measured using
a sample container. Most of the experiments were run
with medium fine sand (250 µm), but 2 were run with
fine sand (135 µm). Drilling velocity ranged from 0.2
to 1.4 mm/s.

Drilling direction compared to field conditions
was changed from horizontal to vertical to have
more control during the preparation of the soil sam-
ple. The procedure followed for sample preparation
(Poel & Schenkeveld 1998) results in homogeneous
and saturated sand. Properties of the sands used are
summarised in Table 1.

2.3 Additional equipment

An overview of the set-up during a test is shown in
Figure 3. Various components of the set-up will be
described below.

The foam equipment from one supplier was the
same as used in aTBM and has a much larger foam pro-
duction than necessary for the model tests. Since it was
not possible to reduce the foam production rate with-
out effecting the quality of the foam and to increase

Table 1. Properties of the sands used.

Property 250 µm sand 135 µm sand

d10 150 µm 90 µm
d50 250 µm 135 µm
Permeability 6*10−4 m/s 8*10−5 m/s
(at 40% por.)
Min. porosity 31.4 34.0
Max. porosity 44.7 46.9
Friction angle 330 (n = 42%) 410 (n = 41%)

Figure 3. Overview of the set-up during a test. Left the foam
supply vessel in the middle the sand container with the screw
conveyer on top.

control of foam injection flow, it was decided to use
a buffer container. The foam produced was led into a
separate pressured container with a plunger before the
start of the test. During the test the plunger pushed
the foam from this container through the rotor in the
container with the soil sample. The pressure in the
buffer container is equal to the pressure in the sample
container.

Another vessel (the outflow vessel) was used to con-
trol the hydraulic gradient in the sand. This gradient is
of importance since it controls how much pore water
the foam replaces and this determines the properties of
the sand-water-foam mixture. In a field situation the
gradient is a function of the diameter of the drilling and
the pressure at the tunnel face (Bezuijen et al. 2001).
Free outflow of water at the bottom of the sand con-
tainer would lead to a gradient that is much too high
compared with the field situation. Therefore the out-
flow vessel was connected to the bottom of the sand
container and the discharge of water from the bottom
of the sand container was controlled as a function of
the drilling parameters, see Figure 4.

A startup vessel was used to start the drilling pro-
cess. This vessel regulates the pressure in the screw
conveyer before it is completely filled. At the start of
the experiment, the pressure is constant over the screw
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Figure 4. Schematic overview experiments. The letters
present controlled variables. p = pressure, q = specific dis-
charge, v = velocity, RPM = revolutions per minute (rotor
and screw conveyer), p_water is the pore pressure measured
in the sand and along the screw conveyer, see also Figure 2.

conveyer. The butterfly valve at the top of the screw
conveyer will be closed. When the screw conveyer is
partly filled, the pressure in the upper part of the screw
conveyer will be less than in the ‘mixing chamber’ but
probably still higher than atmospheric pressure. The
pressure in the upper part of the screw conveyer is
now regulated by the startup vessel in a way that the
pressure in the mixing camber remains constant. When
the screw conveyer is sufficiently filled, the butterfly
valve is opened and the angular velocity of the screw
conveyer regulates the pressure, see also Figure 4.

When the drilling process was stable the total
pressure in the mixing chamber remains constant by
controlling the number of revolutions of the screw
conveyer. Depending on the desired porosity of the
mixture and the amount of pore water in the mixture,
foam was supplied from the foam container.

3 MEASUREMENTS

Two test series were run. In the first test series (test-
numbers 201–206) 250 µm sand and Condat foam was
used. This test series was performed to acquire know-
ledge about the mechanism involved. In the second
test series (test number 301–303) 250 and 135 µm
sand were used and foam from Master Builders. In this
series the influence of a different sand and a different
foam was tested.

The measurements performed during the experi-
ments are shown in Table 2. All instruments were

Table 2. Measurements during the tests.

Measured parameter:

The foam pressure in the foam container
Position plunger in the foam container
Position of rotor and top plate
Momentum on rotor
Rpm of the screw conveyor
Momentum of the screw conveyor
Total pressure of mixture against top plate
Pore pressure in mixture at top plate
Pore press. container location 1 until 5
Volume of water tapped from container
Pore press. screw conveyor loc. 1 until 4
Weight of the removed mixture

Table 3. Experiments performed. The replacement indi-
cates the amount of the pore water which was replaced by
the foam. Drilling velocity was decreased if torque on rotor
increases. It was increased in test 302 only to test maximum
velocity.

d50 drilling
Exp. sand replacement velocity
Nr [µm] [%] [mm/s] Remarks

201 250 100 1-0.25 velocity reduced to
prevent high torque

202 250 100 1-0.25 as 201
203 250 82 1-0.25 as 201
204 250 50 0.5-1 stable for 0.5 mm/s
205 250 50 0.5
206 250 50 0.5 additive
301 135 50 0.5 final porosity set

too low
302 135 50 0.5-1.2 stable up to high

drilling speed
303 250 50 0.5 as 302 diff. sand.

unstable

sampled with a sample frequency of 10 Hz and stored
in a computer.

The process was visually monitored through 10 per-
spex windows with a diameter of 4.5 cm that were
located in the sand container.

4 RESULTS

4.1 Description of tests

The experiments performed in the test series with a
screw conveyer are summarized in Table 3.

The pressure drop in the screw conveyer was less
than anticipated and therefore it was difficult to
achieve a stable ‘drilling’ process in most of the tests.
A stable drilling process means that the pressures in
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Figure 5. Pressures in model container Test 202. The num-
bers indicate the pore pressure transducers (PP# in Figure 2).

the mixing chamber and in the soil as well as the
drilling speed are more or less constant.When the foam
replaced a higher percentage of pore water, the drilling
performance became better, because a larger pressure
drop over the screw conveyer was possible. This is
caused by adhesion of the mixture to the walls of the
screw conveyer or by more cohesion in the mixture
itself.

In Test 202 all pore water was replaced by foam.
According to calculations performed for the Botlek
railway tunnel (Talmon & Bezuijen 1999), such a com-
plete replacement of the pore water during drilling
is very unlikely in fine and medium coarse sand.
However, it can occur during periods of stand still
of the TBM. In such a situation a pressure drop can
exist over the boundary soil-mixture as can be seen in
Figure 5.

This figure shows the course of the pressure mea-
sured in the sand. The pressure at the top plate was
100 kPa. The pressure in the sand was 35 kpa. The
pressure in the mixing chamber (between the rotor and
the top plate) was approximately 90 kPa. For example
PP 3 comes in the mixing chamber between 1700 and
2000 s. It remains at a high value until the top plate
passes the PP. When this has happened (at t is appr.
2800 s for PP 3) the measured pressure falls down to
atmospheric pressure (0 kPa in Figure 5).

In Test 204 the pressure in the mixing chamber
remains constant over quite some time. Only when
the drilling speed was doubled from 0.5 to 1 mm/s, the
torque on the rotor increased and the stable drilling
process was gone.

A rather strong additive was injected close to the
inlet of the screw conveyer in Test 206. This additive
increases cohesion as well as adhesion. However, due
to this additive the properties of the mixture changes
over the length of the screw conveyer (as was found
from the pore pressure transducers), which made it
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Figure 6. Test 206, pressure drop in screw conveyer.

again difficult to obtain a stable process. The influ-
ence of the additive is shown in Figure 6. Normally the
pressure in the screw conveyer drops, see for example
Figure 9. However, now the properties of the mixture
changed in the screw conveyer and it becomes very
difficult to push the highly viscous mixture through
the halve open butterfly valve, as a result the pres-
sure increases near the butterfly valve (at a height of
1250 mm).

In the first test of the second series (Test 301)
135 µm sand was used, but the final porosity in the
mixture was not adapted to the higher maximum poros-
ity of this sand. As a result the torque on the rotor was
too high. This was overcome in Test 302, which has
a reasonable torque up to high drilling velocities. The
drilling speed was increased during this test from 0.5
to 1.2 mm/s. At a velocity of approximately 1 mm/s
it was possible to have the pressure drop of 100 kPa
over the screw conveyer. The pressure drop over the
butterfly valve is zero as can be seen from the result
of pore pressure transducer 4 in Figure 7, which is
located close to the butterfly valve. The drilling speed
could be increased even further up to 1.2 mm/s. At that
drilling speed the process became unstable. This will
be discussed further in section 4.2.2.

Figure 8 shows the response of PP 2 on the passing
of the rotor in Test 302. The passing leads to a fluctu-
ation in PP 2. This fluctuation decreases in the mixing
chamber. As was shown in Figure 5 for test 202, the
pressure falls back to zero as the top plate passes PP 2.
In test 302 only 50% of the pore water was replaced by
foam, therefore no pressure difference on the bound-
ary soil/mixture is found in this test, as was the case in
all tests with less then 100% replacement of the pore
water.
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Figure 7. Test 302, drilling velocity pressures near top plate
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of PPa# in Figure 2).
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Test 303 was planned as a copy of the 204 test. It
appeared however that drilling remains difficult for the
250 µm sand. No stable process was reached.

4.2 General results

4.2.1 Pressure drop screw conveyer
The pressure drop, as measured in the screw conveyor
in the experiments 204 and 302 are compared, see
Figure 9.
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Figure 9. Pressure drop in the screw conveyer compared for
2 tests.

The experiments 204 and 302 where chosen because
these had a constant pressure in the mixing chamber
during an significant part of the experiment. It
appeared that the pressure gradient in the screw con-
veyor is more or less constant during an experiment
and over the height of the screw conveyor, with a small
tendency to decrease higher in the screw conveyor.
Experiment 204 shows a pressure peak at the entrance
of the screw conveyor, at t is 800 s. An explana-
tion for this jump is not found. A comparable course
of the pressure in the screw conveyor was found
in field measurements performed during the drilling
of the ‘Botlekspoortunnel’ (COB 2000). In experi-
ment 302 the pressure at the bottom of the screw
conveyor (in the mixing chamber) decreases until
40 kPa at t is 1,146 s. This is due to an instability, see
Figure 10.

In experiment 204 the pressure is not zero (with
respect to the atmospheric pressure) at the top of the
screw conveyor, because the butterfly valve was not
completely open in this experiment.

The more or less constant pressure gradient over the
screw conveyor indicates that the friction between the
material and the metal in the screw conveyor is more
or less constant.

4.2.2 Learning from unintended events
The instability that occurred in Test 302 is analyzed
more in detail in Figure 10.

This figure shows the results of various instruments
at the moment of the instability. The cause of the insta-
bility was the volume control in the lower drain. At a
constant drilling velocity, there should be a constant
change in this volume as can be seen in the left side of
the plot (time < 1100 s). However, after time = 1100 s
the volume change decreases, the volume remains con-
stant and even reverses, because the control system
of the flow vessel could not cope with the relative
high drilling velocities applied. The other lines in the
graph show how the system reacts on such a change in
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Figure 10. Course of various parameters during Test 302,
see also text.

boundary condition.The stopping of the drainage leads
instantly to a decrease in the moment of the rotor. Most
likely this decrease is caused by the increase in the
porosity of the sand in the mixture because less pore
water is drained. Since the mixture is made at the rotor,
where the foam is injected, the result is first measured
at the rotor. When the mixture with the higher sand
porosity reaches the screw conveyor it appears that it
can flow through the screw conveyor more easily, with
a smaller pressure drop over the screw conveyor. To
keep a constant pressure in the container, the num-
ber of revolutions of the screw conveyor decreases
to approximately zero. At that value the pressure in
the container cannot be controlled anymore and there-
fore at approximately time = 1140 s, the pressure in
the container starts to decrease sharply. The course of
the instruments later in the experiment is influenced by
manual intervention (closing the butterfly valve) and
of less interest.

Although the instability was not a planned action, it
showed clearly how sensitive the process is to changes
in the amount of pore water in the mixture. A com-
parable situation as shown in Figure 10 can occur in
a field situation when the permeability of the mater-
ial decreases, resulting also in more pore water in the
mixture.

4.2.3 Visual results
It appeared from monitoring the process through the
glass windows that, in contrast with what is generally
assumed, there is no penetration of foam in the sand
in front of the tunnel face during drilling and when
drilling stops penetration is limited to a few cm only.
More penetration of foam in the sand can be reached,
but needs a higher pressure gradient.

Since the pressure gradient in these experiments
is comparable to the pressure gradient in field con-
ditions, this means that also in field conditions the
penetration of foam into the soil is limited. Penetra-
tion will not occur at all during drilling in medium and
fine sand, because due to the low pressure gradients in
combination with the limited permeability of the sand
it will not even be possible to replace all the pore water
by foam.

5 CONCLUSIONS

The conclusions of the tests series were that the foam
has only a limited influence on the results. Drilling
speed and the properties of the sand have higher influ-
ence. In agreement with field experiences, it was easier
to perform drilling with an EPB shield in fine sand
compared to drilling in medium fine sand.

The porosity of the sand in the mixing chamber
is critical for the amount of torque on the rotor and
the pressure drop over the screw conveyer. When the
porosity of sand in the mixing chamber decreases to the
maximum porosity of the sand, the torque on the rotor
increases dramatically. (Due to the foam the porosity
of the sand in the mixing chamber can be a lot higher
than the maximum porosity). A too high porosity on
the other hand leads to a decrease in the pressure drop
over the screw conveyer, resulting in a unstable drilling
process.

The penetration of the foam in the sand during
drilling and during stand still seems different from
what is generally assumed.
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Muck discharge by the screw conveyor of an EPB Tunnel
Boring Machine

A.M. Talmon
Delft Hydraulics, Delft, The Netherlands

A. Bezuijen
GeoDelft, Delft, The Netherlands

ABSTRACT: A mathematical model for muck discharge by the screw conveyor of an Earth Pressure Balance
(EPB) Tunnel Boring Machine is presented. The muck is modelled as a homogeneous plastic paste. The model
considers momentum balances and kinematic conditions of muck flowing between the rotating screw and the
barrel.

The mathematical model has been validated against laboratory scale experiments and field measurements
during the construction of the “Botlek Rail Tunnel”. Major differences were found between the functioning of
the screw conveyor in the laboratory tests and in the field. The adhesive properties of the muck are an important
factor for controllability of muck flow rate and confinement pressure by the screw.

1 INTRODUCTION

Earth Pressure Balanced (EPB) shields are used on a
regular basis in soft soil shield tunnelling and have
proven their capabilities. Additives are necessary to
use these shields in sandy subsoil. Foam has proven to
be a successful additive in various projects. However,
the governing mechanism that makes foam to a suc-
cessful additive are not yet clarified, see also Bezuijen
(2002).

The double-tube Botlek Rail Tunnel under the River
Oude Maas near Rotterdam is the first bored rail tun-
nel in the Netherlands. An EPB shield tunnel-boring
machine was used, see Figure 1. For more detail see
Maidl (1999).

Figure 1. EPB machine Botlek Rail Tunnel.

Soft clayey layers are suitable for EPB shield tun-
nelling. In EPB tunnelling the soil is excavated under
pressurised conditions to balance the tunnel face. In
principle water or other substances do not dilute the
soil.The earth paste is transferred via a screw conveyor
from the pressurised chamber to the rear of the shield.

In the Botlek Rail Tunnel the transport of excavated
soil from the working chamber is controlled by a com-
bination of a screw conveyor, a hydraulically operated
back gate (when necessary), two bulk pumps (when
necessary), a conveyor belt and a hydraulic circuit.
In cohesive soils, a pressure difference of some 3 bar
can be controlled by the screw conveyor alone, Maidl
(1999). In sand-layers the increased water permeabil-
ity and internal friction will cause serious problems.
Intensive soil conditioning with high density slurry or
foam is required.

In an EPB tunnel boring machine the screw con-
veyor has to provide two important functions. First it
transports soil out of the excavation chamber while the
pressure decreases from the confinement pressure in
the excavation chamber to atmospheric pressure at the
discharge end of the screw conveyor. And secondly
the confinement pressure in the excavation chamber
is controlled by the operating conditions of the screw
conveyor.

To investigate the mechanisms involved, model tests
have been performed. In these tests the relevant param-
eters were measured (flow rates, pressures, etc.). The
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set-up of the tests and some results of the measure-
ments have been presented by Bezuijen and Schaminée
(2001).

A mathematical model for the muck discharge by
a screw conveyor is given in Section 2. The model
is used for an analysis of the model tests and the
screw conveyor in the TBM of the “Botlek Rail Tun-
nel”. The results are given in Section 3 and Section 4
respectively.

2 MATHEMATICAL MODEL SCREW
CONVEYOR

The model was set up to relate muck discharge and
confinement pressure with the rheological properties
of the muck and the operational conditions of the screw
conveyor. It is intended as a tool for prediction and
analysis. The basic ingredients of the mathematical
model are:

Kinematic conditions: flow rate of the muck, angu-
lar velocity of the muck, angular velocity of the screw,
continuity.

Forces: angular momentum balance and longitu-
dinal momentum balance. In these the shear stresses
are assumed to be uniformly distributed over the screw,
over the root of the screw and over the barrel. The
direction of shear stresses over the barrel is vari-
able, depending on operational conditions of the screw
conveyor. The pressure difference over the blade is
accounted for.

The muck is modelled as a homogenous plastic one-
phase material.A definition sketch is given in Figure 2.

The geometry of the screw at the edge of the blade
is given by, see Figure 2:

with: S = pitch, D = diameter barrel, αt = blade angle
at the edge of the blade.

The characteristic flow rate of the screw is:

with: rpm = rotational frequency of screw conveyor
[rotations/min], Qstraight = flow rate when the muck
moves in a straight line (e.q. without axial rotation).
Dr = diameter of the root of the screw.

From kinematic conditions:

with: Q = flow rate of the muck, β = direction of the
flow adjacent to the barrel.

Muck rotation is in the same direction as the rota-
tion of the blade for Qstraight > Q. The muck rotates in

Figure 2. Definition sketch mathematical model screw con-
veyor, relating geometry, operational conditions and stresses.

opposite direction for Qstraight < Q. The mathematical
expression for the pressure difference over the screw
conveyor is (valid for 0 < β < 180 degrees):

with: L = length screw conveyor, τbl = shear stress on
the blade, τba = shear stress on the barrel, τrt = shear
stress on the root of the screw.

The pressure difference over the screw conveyor is
a function of the flow rate of the muck (Q), the rota-
tional velocity of the screw and the friction with steel
surfaces. The direction of the flow (tan β) is calcu-
lated by Equation (2) and Equation (3). Next (tan β)
is substituted in Equation (3) to calculate the pressure
difference. In Figure 3a the dimensionless pressure dif-
ference over the screw conveyor is given as a function
of the dimensionless flow rate Q/Qstraight under the
assumption that the friction at the blade is equal to the
friction at the barrel and at the root.

Two curves are shown: one for the geometry of
the screw conveyor in the model tests, and one for
the Botlek Rail Tunnel. The graph shows that the-
oretically different operational transport modes are
possible: passive confinement of pressurised muck in
the excavation chamber for Q/Qstraight > 0.75 (in the
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laboratory model), or active extraction of muck from
the excavation chamber for Q/Qstraight < 0.75. The
later is referred to as ‘pumping action’. The calculated
pressure difference is exclusive the static pressure.
Some operational conditions, in which high-pressure
differences have been measured, are displayed on the
ordinate of the graph.

In practise a screw conveyor in a TBM might
be equipped with additional foam injection ports,
see for instance Maidl (1999). This additional foam
might lower the friction with the barrel. The func-
tioning of the screw conveyor under such a condition,
according to Equation (4), is shown in Figure 3b. For
Q/Qstraight < 0.96 the pressure difference between the
entry and the exit of the screw conveyor increases.

A comparable situation results when a vel-
ocity dependent Bingham rheological flow model
models the consistency of the muck. Than, for
Q/Qstraight > 0.5, the velocity of the muck with respect
to the blade is larger than with respect to the barrel.
Consequently the shear stress on the blade is larger
than on the barrel. The result is then comparable to
Figure 3b.

3 LABORATORY EXPERIMENTS

Saturated sand was mixed with foam and the sand-
water-foam mixture was removed with a screw con-
veyor, see Bezuijen and Schaminée (2001). The

Figure 4. Set-up model test.

drilling direction, compared to field conditions, was
changed from horizontal to vertical. The test set-up
is shown in Figure 4. The internal diameter of the
excavation chamber is 0.6 m. Not shown are a foam
generator and a foam container from which the foam
was released into the model container. The pressure
in the excavation chamber was about 100 kPa. The
specifications of the screw conveyor are: length bar-
rel L = 1.2 m, diameter barrel D = 107 mm, diameter
root Dr = 48 mm, pitch screw S = 75 mm, thickness
blade ∼2 mm. Substitution of these specifications
in Equation (2) gives: Qstraight = 0.031∗ rpm [m3/h].
Some selected conditions where the screw conveyor
controlled the discharge of muck are listed in Table 1.

Some examples of the measured pressure distribu-
tion along the screw conveyor are shown in Figure 5.

The operational conditions listed in Table 2 relate
to t = 1000 in test 204, t = 820, 880 and 980 in test
302 and t = 2000 in test 303. The measured pressure
difference includes 15 kPa static pressure.

The dimensionless muck flow rate Q/Qstraight for
the conditions above is displayed on the ordinate
of Figure 3a. According to this model the operat-
ing conditions are in the region where the screw
conveyor provides a positive pressure difference
(Q/Qstraight > 0.75).This is in agreement with the mea-
surements. The shear stress is back calculated from
the dimensionless pressure difference read from the
abscess of Figure 3a. The results are summarised in
Table 2.
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Table 1. Test conditions of the screw conveyor in model
tests (at mean pressure in screw conveyor).

Parameter Test 204 Test 302 Test 303

d50 sand [um] 250 135 250
Sand porosity 0.35 0.40 0.36
Drill vel. [mm/s] 0.49 0.73, 0.82, 0.96 0.31
FIR [-] 0.38 0.41 0.39
FER [-] 1:14.9 1:14.6 1:15.5
csand [v%] 48 45 50
cwater [v%] 13 14 9
cair [v%] 39 41 41
rpm 24 32.5, 37, 43 18
Flow rate Q [m3/h] 0.63 0.90, 1.0, 1.24 0.41
Pressure drop [kPa] 90 100, 100, 100 65
Q/Qstraight 0.86 0.89, 0.88, 0.93 0.84
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Figure 5. Measured pressure distribution over model screw
conveyor.

Table 2. Functioning screw conveyor in laboratory tests.

�p/τ D/4L τ [Pa]
Model Math. Back
test Q/Qstraight model. calculated

test 204 0.86 1.6 1040
test 302 0.89 2.0 950
test 302 0.88 2.3 830
test 302 0.93 3.3 580
test 303 0.84 1.2 910

The results compare with vane tests at a mixture
porosity of n = 0.52: τ = 1.5 kPa, see Bezuijen and
Schaminée (2001) and Bezuijen et al. (1999).

4 SCREW CONVEYOR IN BOTLEK
RAIL TUNNEL

The boring of the two tubes took place in the period
1999–2000. The geology of the subsoil and the main
features of the tunnel are summarised by Maidl (1999).

4.1 Properties foamed soil

A number of samples was taken directly from the
excavation chamber. The location where the samples
were taken is at about half height of the bulk head
3.5 m from the centreline of the TBM. The cohesive
properties of the muck were determined by means
of a specially designed vane apparatus in the exca-
vation chamber (the measurement took place during
placement of lining segments, when the excavation
was halted). The vane was located a few decimetres
below the location where samples were extracted and
at another location about 1 metre aside of the entrance
of the screw conveyor.

The porosity of the samples was in the range 0.5 to
0.7, with extremes of 0.46 and 0.72. The volume per-
centage air in the samples (at ∼3 bar in the excavation
chamber) was in the range 25 to 35 v%. The measured
porosity of the muck was higher than the maximum
porosity nmax of the sand (0.44 < nmax < 0.53). For a
homogenous muck there will be no grain contacts and
the muck will be workable. Only in one test (Ring 341
North tube), out of a total of five of such tests, the
measured porosity of the muck was smaller than nmax.
The measured internal shear strength of the muck in the
excavation chamber was within a range of 5 a 30 kPa.

4.2 Screw conveyor

The screw conveyor of the Botlek RailTunnel is shown
in Figure 1. Technical specifications are: length bar-
rel L = 16 m, diameter barrel D = 1000 mm, diameter
root Dr = 220 mm, pitch screw S = 630 mm, thick-
ness blade ∼20 mm, max. rpm 22.4, max. flow rate
500 m3/h. The flow rate of muck transported in a
straight line is calculated by: Qstraight = 26.9 ∗ rpm
[m3/h]. The screw conveyor is equipped with a number
of pressure gauges.

4.3 Analysis of the functioning of the
screw conveyor

During the major part of the construction of the tunnel,
the pressure drop along the length of the screw con-
veyor was about 150 kPa. At the same time a pressure
drop of about 100 kPa was noticed in front of the screw
conveyor. When the flow is regulated by the back gate,
the pressure in the back of the screw conveyor is about
100 ka to 150 kPa. The pressure drop over the screw
conveyor includes a static 70 kPa that is attributed to a
height difference of 5.5 m.

An example of pressures measured during the
excavation and during the positioning of tunnel lining
segments is shown in Figure 6.

The pressure distribution over the length of the
screw conveyor during the excavation is shown in
Figure 7. From Figure 6 it is concluded that dur-
ing standstill the muck at the entrance to the screw
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Figure 6. Botlek Rail Tunnel: pressure gauges along the
screw conveyor as a function of time: South tube, Ring
1090. For t > 12:10 the excavation is halted and tunnel lining
segments are placed.
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Figure 7. Botlek Rail Tunnel: pressure distribution along
screw conveyor during excavation at different time-instances:
South tube, Ring 1090.

conveyor is compacted, and may balance 1 bar. When
the excavation recommences, the situation quickly
restores itself to the former situation.

Two situations where typical high pressure differ-
ences were observed over the screw conveyor are
discussed: Ring 1090 of the South tube and Ring 318
of the North tube. The average in situ porosity at Ring
1090 South tube was n = 0.45, and at Ring 310 of the
North tube n = 0.4. The consistency of the muck was
determined from samples obtained from the excav-
ation chamber (Ring 1090 South and Ring 310 North).
The flow rate of muck through the screw conveyor was
calculated by two alternative methods: 1) From the
in-situ porosity of the soil, the water content of sam-
ples and the volumetric air content of samples from
the excavation chamber (the ideal gas-law was used to
calculate the flow rate at the mean pressure level in
the screw conveyor). 2) From the discharge by a slurry
circuit that conveyed the soil out of the tunnel and the
volume of air in the samples taken from the excavation
chamber (also calculated at mean pressure level in the

Table 3. Operational conditions of the screw conveyor in the
Botlek Rail Tunnel (at mean pressure in the screw conveyor).

Ring 1090 Ring 318
parameter South tube North tube

d50 sand [um] 180 150
Drill vel. [mm/s] 0.96 0.31
csand [v%] 29 32
cwater [v%] 21 16
cair [v%] 50 52
rpm 17.9 7.8
Flow rate Q [m3/h] 490 (from face) 114 (from face)

530 (slurry circ.)
Pressure drop [kPa] 150 200
Q/Qstraight 1.06 (from face) 0.73

1.14 (slurry circ.)

screw conveyor).The latter method is inaccurate at low
drill velocities. In Ring 1090 South, foam was injected
in the barrel. The operational conditions of the screw
conveyor are summarised in Table 3.

The dimensionless muck flow rate Q/Qstraight of the
conditions above is displayed on the ordinate of Fig-
ure 3b. According to the model (in case τbl = τba = τrt)
the dimensionless pressure difference for the operat-
ing conditions listed in Table 3 are: �p/τ D/4L = 6 á
7 for Ring 1090 South, and −0.8 for Ring 318 North.
The back calculated wall shear stresses in Ring 1090
is 220 Pa. For the situation in Ring 318 North the out-
come of this model-configuration is contradictory to
the measurement.

When alternatively it is assumed that the friction
between the muck and the blade is dominating, then
the shear stress can be back-calculated from the curve
τba/τbl = 0 in Figure 3b, the result is τ = 450 á 650 Pa.

These back-calculated shear stresses are an order of
magnitude smaller than the shear stress measured by
the vane tests in the excavation chamber.

5 CONCLUSIONS

Conclusions are:

1) Two rheological properties of the muck have to be
discerned: friction with steel surfaces (adhesion)
and internal friction (cohesion). The former is rele-
vant to the functioning of the screw conveyor as
a flow and pressure regulator. The latter is prob-
ably governing the pressure drop that occurs at the
entrance of the screw conveyor and the pressure
build-up in front of the back gate, when in use.
Typical confinement pressures of 3 bar were bal-
anced. This compares with the situation in Japan,
where two-stage screw conveyors are used to delib-
erately create sand plugs for pressure confinement,
Babendererde (1991).
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2) We have found major differences between the func-
tioning of the screw conveyor in the laboratory
model tests and in the field at the TBM of the
Botlek Rail Tunnel. At the TBM, large differences
were found between cohesion and adhesion. In the
laboratory tests these differences were only about a
factor of two. Explanations for differences are:

– The porosity of the muck at Botlek was signifi-
cantly higher than in the laboratory tests. This
could have lead to poor adhesion properties.

– Foam injection in the barrel could have impaired
the functioning of the screw conveyor.

– The velocity difference between the blade and
the muck is larger than the velocity of the muck
with respect to the barrel. If the muck were visco-
plastic the friction in the screw channel is the
governing factor, as was found at Botlek Rail
Tunnel.

– The screw channel might be clogged.

3) The injection of smaller quantities of foam should
be considered in future tunnelling projects to pro-
duce a muck with a lower porosity than at Botlek.
The muck will become more stable and the control-
lability of the muck flow rate and the confinement
pressure are expected to improve. The function-
ing of the screw conveyor will improve when the
adhesive properties are improved. According to the
mathematical model, the highest-pressure differ-
ences will be attained at slow rotation of the screw.

4) To further improve the control of the muck pres-
sure in the excavation chamber, the attention should
be directed towards developing foams and injec-
tion recipes that provide higher friction between the
muck and steel parts.
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APPENDIX I. NOTATION

D: diameter barrel
Dr : diameter root screw
L: length screw conveyor
n: porosity
�p: pressure difference over screw conveyor

(excl. static)
Q: muck flow rate
Qstraight : flow rate when muck moves in a straight

line
S: pitch screw
αt : blade angle at edge of blade
β: direction of the flow adjacent to barrel
τba: shear stress on barrel
τbl : shear stress on blade
τrt : shear stress on the root of the screw
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Geotechnical centrifuge tests to verify the long-term behaviour of a
bored tunnel

H.M.A. Pachen & H.E. Brassinga
Engineering Department Rotterdam Public Works, The Netherlands

A. Bezuijen
GeoDelft, The Netherlands

ABSTRACT: Building the Rotterdam section of RandstadRail involves the construction of two bored single-
track tunnel tubes in the city area of Rotterdam, each with an outer diameter of 6.5 m and a length of 2.4 km.
On several parts of the alignment the tunnel tubes are located at the transition of soft Holocene clay to stiff
Pleistocene sand. It is expected that the top of the soft Holocene layers will settle 1.5 m due to consolidation and
creep during the lifetime of the construction. Therefore the external loading on the tunnel lining will increase.
The time dependent additional loading has been analyzed analytically as well as numerically. Physical modeling,
using the Delft GeoCentrifuge, was performed in order to verify the design approach. The paper presents the
results of the centrifuge tests and the findings of the back analysis using the finite element techniques.

1 INTRODUCTION

RandstadRail is a future light-rail link between Rot-
terdam, The Hague and Zoetermeer in the Nether-
lands. Building the Rotterdam section of RandstadRail
involves the construction of 2 single-track shield tun-
nels in Rotterdam, each with an outer diameter of
6.5 m (Figure 1) and a length of 2.4 km, using a slurry
shield TBM.

2 GROUND CONDITIONS

The geotechnical profile of the Rotterdam city area
consists, starting from surface level (at 1 m above the
reference level NAP), of a shallow toplayer of anthro-
pogenic sand, 15 m of soft Holocene layers (peat and

Figure 1. Two single track tunnels of 6.5 m diameter.

organic clay), overlying the Pleistocene sand layer,
which has a thickness of about 20 m. The water level
is about 2 m below NAP. Some soil classification
parameters are given in Table 1.

The stress dependent stiffness of the soil layers is
determined with oedometer tests, and given below
(symbols are explained at the end of the paper):

3 TUNNEL DESIGN

Tunnelling will be performed in the Pleistocene sands
over a substantial part of the alignment. However,
nearby the Station Statenweg and the connections to
the existing (metro- railway-) lines the over-burden is
very shallow and the lining is predominant located in
the soft organic clay layers. Each segment is provided
with 2 constructive dowels and sockets to bridge the
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Table 1. Soil properties Rotterdam city area (mean values).

h γsat w PI cu K0 OCR
(m) (kN/m3) (%) (%) (kPa) (−) (−)

Top layer 1 18 − − − − −
Peat (Holocene) 5 10.5 450 − 40 0.4 1.2
Organic clay (Holocene) 10 13.5/16.5 90/55 50/40 40/30 0.5 1.3
Sand (Pleistcene) 20 20 − − − 0.5 1.0

Figure 2. Concrete lining segments with constructive
dowels and sockets.

ring joints (Figure 2) in order to reduce the deform-
ation of the lining and therefore to secure the water
tightness.

The design is based on two single track tunnels with
an internal diameter of 5.8 meters each and a concrete
lining of 0.35 m thickness.The lining consists of 7 pre-
cast concrete segments and 1 keystone. The segments
have a width of 1.5 m.

4 LONG TERM SETTLEMENTS

During design lifetime of the tunnel (100 years) the
soft layers will settle due to consolidation and creep.
A regular sand supply on ground level is necessary
in order to maintain the surface at a fixed level. To
study the settlement behaviour of the organic clay and
peat layers, extensometer gauges were installed. Some
results are plotted in Figure 3.

From the extensometer measurements and the level-
ling data of the manhole covers of the sewerage system
in this part of the city over the past 20 years, it was
concluded that a yearly settlement of 15 mm at the

Figure 3. Extensometer measurements.

surface and 2 mm over the height of the tunnel is to be
expected. The Pleistocene sand will not settle.

5 FORCES ON THE LINING DUE TO LONG
TERM SETTLEMENT

Because the tunnel is a relatively stiff element the
forces in the lining will increase due to long term
settlements. The vertical force on the crest will exceed
the vertical overburden pressure. The time dependent
extra force, called negative skin friction, was analysed
analytically assuming a linear stress strain relation.
Using the stress distribution function of Airy the ver-
tical and horizontal additional stresses �pv and �ph
were determined (Pachen & van Zanten 2002). For an
embedment of 135◦ (see Figure 4) and a Poisson ratio
of 0.33. The solutions are:

6 GEOCENTRIFUGE MODELLING

In order to verify the analytical solution two physical
model tests were performed in the GeoCentrifuge at
GeoDelft.
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Figure 4. Loading due to negative skin friction on a bored
tunnel (mechanism adopted from analytical modelling).

Figure 5. Positions of instrumentation on the model tunnel.
A total pressure and pore pressure gauge was mounted on
each position.

6.1 Test set up

The model was built at a scale of 1:65. The model
tunnel was made of an aluminum tube, placed in a
strongbox and supported by an aluminum strip. The
lower part of the tunnel was embedded in a dense
sand layer (135◦). The tube was instrumented with
pore pressure gauges and total pressure gauges, see
Figure 5.

After placement of the tunnel in the sand, a layer
of Spesswhite clay slurry with a water content of 94%
was applied. The first part of the centrifuge tests was
the self weight consolidation of the clay. The thickness
of the clay layer after the self weight consolidation

Figure 6. Set-up of the centrifuge tests and different soil
layers.

was 10 m at prototype scale (test 1) and 9 m in test
2. On the model tunnel, in the sand and in the clay
layer pore pressure and total stress transducers were
installed. The front of the strong box consisted of a
Perspex window, through which a grid, applied on the
clay, was observed with 2 video cameras. The set-up
before the test, is shown in Figure 6.

After self weight consolidation had taken place in
the GeoCentrifuge, a sand layer was applied on top of
the clay in flight. This sand layer caused an overburden
pressure of about 55 kPa. After consolidation of the
clay a second layer of sand was applied with the same
thickness, leading to further consolidation of the clay
layer. In the second test a sand layer of 1.3 m (prototype
scale, 0.02 m in the model) was applied on the clay
before self weight consolidation to increase the stress
level in the clay with approximately 13 kPa (tests were
performed in saturated conditions). As in the first test
also two extra sand layers were applied after self weight
consolidation of the clay. Since creep effects can not
be scaled in a centrifuge test, these tests are only valid
for the consolidation effects on the tunnel.

In the tests it was investigated whether the deform-
ation pattern was influenced by wall effects at the glass
wall. Some colored spaghetti was put through the clay
layer from the backside to the glass wall. After the
test is was found that the spaghetti was still straight,
indicating that wall effects had only little influence on
the results.

6.2 Test results

In Figure 7 the deformation of the clay at the end of the
consolidation of the first sand layer (test 2) is shown.

Figure 8 shows the measured vertical soil stresses
during the test at the crest of the tunnel and at the same
level in the clay at 220 mm from centre of the tunnel.
The vertical stress at some distance from the tunnel
was calculated from the total stress transducers that
were placed between the sand layer at the bottom of
the model and the clay layer.

173

Copyright 2006 by Taylor & Francis Group, LLC

  

http://www.crcnetbase.com/action/showImage?doi=10.1201/9781439834268.ch25&iName=master.img-008.jpg&w=190&h=129
http://www.crcnetbase.com/action/showImage?doi=10.1201/9781439834268.ch25&iName=master.img-009.jpg&w=184&h=217
http://www.crcnetbase.com/action/showImage?doi=10.1201/9781439834268.ch25&iName=master.img-010.jpg&w=190&h=120


Figure 7. Deformed grid after test 2.

Figure 8. Test 2: Measured soil stresses on the tunnel and
in the clay at 220 mm from the tunnel axis.
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Figure 9. Test 2: Measured surface settlements during the
test just above the tunnel and 220 mm next to the tunnel
axis (model dimensions). Settlements determined from video
images.
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Figure 10. Deformation of clay around the tunnel as deter-
mined by image processing. The dot is the original position,
the end of the line the position at the end of the test.

The increase of the soil stress on top of the tun-
nel (Gt3) compared to the stress in the clay (Gg2) at
some distance from the tunnel during the consolida-
tion of the two sand layers shows how the presence of
the model tunnel led to an extra increase in the total
stress compared with the free field situation, the differ-
ence was approximately 90 kPa at the end of the test. It
appeared that during primary consolidation both pres-
sure gauges measured the same total stress, but after
applying the sand layers the stress on top of the tun-
nel increases more than the stress in the clay at some
distance from the tunnel. This indicates that during
primary consolidation when the clay is still very soft
the ‘negative friction’ hardly influences the result, but
the influence increases as the clay has gained some
stiffness.

Surface settlements were a bit less just above the
tunnel compared to the settlements at 220 mm from
the tunnel axis, see Figure 9, but the difference is only
small.

Deformations in the clay were measured using
image processing, see Figure 10 that shows the direc-
tion of the deformation around the tunnel as deter-
mined from the grid on the clay before and after the
test. It appears that, apart from the vertical deform-
ation, there is horizontal clay deformation away from
the tunnel axis in the clay above the upper fourth part
of the tunnel and a horizontal deformation to the tunnel
in the clay lower beside the tunnel.
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3,25 m

 

Figure 11. Deformation of clay around the tunnel; con-
tourlines from FEM calculations.

Figure 12. Deformation of clay around the tunnel; incre-
ments from FEM calculations.

7 BACK ANALYSIS

By means of a FEM model the results from the tests
were analysed. In the numerical model both self weight
consolidation and the consolidation after applying
the two sand layers was simulated. The soil model
used was the Plaxis Hardening Soil Model (HS; see
Brinkgreve et al.).The material parameters were deter-
mined from Constant Rate of Strain (CRS) tests and
CU triaxial tests on samples of the Spesswhite slurry.

Figure 11 shows the contour lines of the deform-
ations as calculated with the FEM model and Figure 12
the deformation increments in the FEM mesh, both
after application and consolidation of two sand lay-
ers. When the deformation pattern of the FEM-
calculations is precisely compared with the findings of
the centrifuge measurements, see Figures 7 and 10, it
is evident that the negative skin friction mechanism for
the numerical and physical modelling is quite similar.

Figure 13 shows the measured and calculated total
radial stresses on the upper part of the tunnel (test 2).

The stresses coincide rather well. The differences
between calculation and measurement are explained

Figure 13. Measured (GeoCentrifuge) and calculated total
radial stresses (FEM-method) on the tunnel lining.

Figure 14. Vertical additional load �pv versus effective
surface load for a variation of the soil stiffness Eoed and a
geometry in accordance with the GeoCentrifuge tests.

by the rigid (aluminium) support under the model
tunnel.

From the results of the back analysis it was con-
cluded that the HS model in Plaxis is suitable to
calculate the stresses around the tunnel.

The calculated effective radial stresses and shear
stresses around the tunnel were used to determine the
vertical (�pv) and horizontal components (�ph) of the
additional stresses. In this way a comparison between
the linear elastic solution (Eq. (1) and Eq. (2)) and the
FEM-analyses could be made.

From these calculations it was concluded that �pv
decreases more or less linearly towards the outside of
the tunnel. The horizontal component �ph increases
approximately linearly from the axis to the top of
the tunnel. This result contradicts the elastic solution
where both �pv and �ph result in constant values.
Obvious, in the FEM-model, the soil arches on the
stiff Pleistocene sand next to the tunnel.

The relation between the soil stiffness Eoed and the
additional load due to negative skin friction was deter-
mined from the back analysis of the GeoCentrifuge
tests. Results from calculations with a variation of 50
times Eoed are shown in Figure 14. It was concluded
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Figure 15. Vertical additional load �pv and settlement u0
for the location Station Statenweg; elastic approach versus
FEM scheme.

that the negative skin friction (end of consolidation
value) is independent of Eoed. As u0 is directly related
to Eoed, this is in agreement with the elastic solutions
Eq. (1) and (2), except for the factors given. For a spe-
cific geometry the negative friction can be regarded as
only dependent on:

– the effective surface load (submerged value);
– the rate of embedment of the tunnel;
– the stiffness ratio of the soil and the tunnel lining.

Using the FEM Plaxis scheme the vertical com-
ponent of the negative friction was determined at the
location of the Statenweg Station. The ground condi-
tions of this location and details of the lining properties
are given in paragraphs 2 and 3 of this paper. The add-
itional vertical stress was calculated as a function of the
settlement u0 of the undisturbed clay at crest level. For
the results see Figure 15. It is evident that the negative
friction is not limited by full plasticity in the calcu-
lated range. The difference with the elastic solution is
increasing with increasing settlement over the height
of the tunnel.

8 CONCLUSIONS

When tunnel tubes are located at the transition zone
of soft to stiff soil layers, long term settlements of the
soft layers lead to additional loads on the tunnel lining.

As expected, the additional loads affect the verti-
cal effective stresses on the tunnel lining. The study
revealed that a change of the horizontal stresses has to
be accounted for as well.

The analytical linear elastic approach according the
stress distribution function ofAiry (see Eq. (1) and (2))
appears to be conservative.

A more sophisticated elasto-plastic soil model is
needed to simulate the centrifuge tests. With the finite
element approach, using the Plaxis Hardening Soil
model, the centrifuge test results can be simulated well.
The difference with the elastic solution is increasing
with increasing settlement (see Figure 15).

The negative skin friction force at the end of the
consolidation phase appears independent of the soil
stiffness.When the stiffness increases, the deformation
around the tunnel decreases but the rate of soil load-
ing increases. For a given soil stratification and tunnel
dimensions the end of consolidation value of the nega-
tive skin friction loading depends only on the effective
surface loading.

A plastic upper bound for the negative skin friction
was not found, neither in the GeoCentrifuge nor in
the back analyses with the finite element model. The
additional loading on the lining increases nearly linear
with the long term settlements due to consolidation
and creep and therefore the tunnel loading increases
steadily in time.
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The following symbols and abbreviations are used
in this paper:
γsat : saturated unit weight [kN/m3]
w : water content [%]
PI : Plasticity Index [−]
σ ′

v : effective vertical stress [kPa]
cu : undrained shear strength [kPa]
�pv : vertical loading due to

negative skin friction forces on
tunnel lining [kPa]

�ph : horizontal loading due to
negative skin friction forces on
tunnel lining [kPa]

u0 : vertical soil displacement at
crest level; determined outside
the sphere of influence of the
tunnel [m]

Eoed : constrained modulus of [kPa]
elasticity

E : modulus of elasticity [kPa]
pa : atmospheric pressure [kPa]
R : radius of tunnel tube [m]
K0 : coefficient of horizontal earth

pressure at rest [−]
OCR : overconsolidation ratio [−]
CPT : Cone Penetration Test
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Introduction to Numerical Analysis

Tools for numerical analysis have improved quite a lot
in the last decade. This can be seen clearly when the
2-dimensional element meshes of the first papers are
compared with the 3-dimensional meshes of the last
papers. Also the possibilities to apply the boundary
conditions that can be expected (staged construction,
loading on soil and lining during various phases) has
been improved. Yet it is still not straight forward to
make a successful numerical simulation of the tun-
nelling process. Still there are boundary conditions
that play an important role, but are not clarified up to
now, for example the interaction between theTBM and
the lining and the influence of the grout consolidation
on the pressure distribution. Furthermore because of
the limited deformations involved, it is of importance
to have stress strain relations for small strain condi-
tions that are often not available. The papers in this
chapter indicate what progress is made at GeoDelft.

The first paper was made several years for the first
large diameter shield tunnel was made. The research
was triggered by the construction of a 3 m diameter
tunnel for water control that was made using the shield
tunnelling technique.The article shows in general what
were by then the challenges in the numerical simula-
tion process of the tunnels and presents some results
specific for the 3 m diameter tunnel.

The second paper deals with a 2-dimensional simu-
lation of the tunnelling process for a tunnel in sand
underneath soft clay. The tunnelling is simulated using
volume contraction in the tunnel and the soil is mod-
elled with the Mohr-Coulomb model.The results show
the deformation patterns, the stress distribution and the
plastic zone.

The third paper in this chapter presents finite elem-
ent calculations performed for the Second Heinenoord
Tunnel to check contractor’s calculation method for
the loading on the lining. It is shown that the ‘bedded
beam’ model used by the contractor does not always
lead to safe results compared with the results of finite
element calculations.

The first GeoDelft publication with a 3-dimensional
calculation on tunnelling was in 1997. In this calcu-
lation the tunnel face stability was analyzed using
a modified Cam clay model (the ‘Egg-Cam clay
model) that is also described in this paper. No constant
factor was found between results of 3-dimensional
and 2-dimensional calculations, which means that 3-
dimensional calculations are necessary to simulate
3-dimensional phenomena.

A three dimensional calculation simulates tunnel
and surrounding soil in 3 dimensions. It is also possible
to include the time dependent tunnelling process. This
is nowadays sometimes called a 4 dimensional calcu-
lation. An example of such a calculation is presented
in the fifth paper. The method was used to simulate the
boring of the 14.5 m diameter Green Heart Tunnel in
the Western part of The Netherlands.

Although 3 and 4-dimensional calculations were
performed at the turn of the century, it remained rather
demanding calculations when it comes to computer
time and memory usage. The last contribution in this
chapter showed how this can be reduced by introduc-
ing some simplifications in the mesh geometry and
the soil layering. This enables the possibility to run
the simulation on a personal computer.
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Introduction to Miscellaneous

This chapter deals with papers that do not fit within the
other chapters. These are overview papers and some
papers that deal with a cut and cover tunnel that was
built inThe Hague (theTramTunnel).The papers of the
TramTunnel, the first three papers in this chapter, show
that tunnelling in The Netherlands, with its high water
table in the soil at most of the locations, can become a
struggle with the ground water. Permeability of what
should be impermeable and clogging of what should
be permeable has resulted in some problems during
this project.

The fourth paper of this chapter presents some tun-
nel projects from the past (before 1994), a problem
that occurred during micro-tunnelling and some “open
tunnel solutions”. By that time several concepts were
worked out that could be an alternative for shield
tunnelling. Two of these concepts are the “open tun-
nel solutions”. Time has learned afterwards that these
concepts hardly have been used.

The fifth paper emphasizes possible risks of under-
ground construction en stresses the value of research.
It is shown on economic principles that the annual

turnover of the building market in The Netherlands
and cost reduction that can be achieved justified far
larger budgets for research than by then was common
practice (and still is).

An overview how the “innovation circle” has been
used in tunnelling research in The Netherlands is pre-
sented in the fore last paper in this chapter. This
“innovation circle” assumes that progress in an empir-
ical science as geotechnics needs a combination of
field testing and monitoring, calculations and model
testing. The contributions in the various chapters of
this book also showed that GeoDelft have been active
in all aspects of the innovation cycle.

The last paper deals with two aspects of shield tun-
nelling where pore pressures and pore water flow are
found to be important. These aspects are mentioned
already in other papers in earlier chapters, but this
contribution presents a summary for these aspects. It
deals with the excess pore water pressure in front of
the drilling face that can influence the face stability
and the consolidation of the grout that results in an
unloading of the surrounding soil.
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Constructing underground: influencing geotechnical equilibrium

Berg, P. van den, Schrier, J. van der & Hergarden, H.J.A.M.
Delft Geotechnics, Research Engineering, Delft, The Netherlands

ABSTRACT: Building underground structures in soft soil affects the geotechnical equilibrium. During and after
the construction process, information is required on the magnitude of the stress changes and the corresponding
deformations which are induced in the soil. Therefore, the strength- and stiffness characteristics of the total
system, consisting of the structure interacting with the surrounding soil, should be understood. Nowadays, soil-
structure interaction problems are analysed adequately by use of a finite element method. However, special care
should be taken with respect to the input parameters and the way they are determined. In this paper attention will
be paid to the application of the finite element method when simulating soil-structure interaction in soft to very
soft soil. As an example, the results are presented for a simulation of the construction of two 3 meter diameter
tunnels bored in soft soil in the Netherlands.

1 INTRODUCTION

Constructing an underground structure causes inter-
action between the structure and its environment. This
environment may include existing buildings, roads,
pipelines etcetera. Unfortunately, in the western part
of the Netherlands, where the call ‘go underground’ is
heard most loudly, the subsoil consists mainly of soft
to very soft soil under the ground water level. Under
these conditions the interaction between structure and
soil is complicated and may be critical for the design.
Clearly, the interaction must be investigated.

Soil-structure interaction problems can be simu-
lated by using a finite element method. However, basic
knowledge of both the finite element method used
and the soil mechanics is required to interpret the cal-
culation results properly. In this paper attention will
be paid to the use of a finite element method, and
the input parameters required, to simulate the soil-
structure interaction correctly under the geotechnical
conditions as encountered in the western part of the
Netherlands. By way of illustration, a short review
is given of the geological history of the area under
consideration.

2 THE GEOLOGICAL HISTORY OF THE
WESTERN PART OF THE NETHERLANDS
DURING THE QUATERNARY: A SHORT
REVIEW

With respect to the subject one could say that the geo-
logical history of the Netherlands starts about thirty
seven million years ago. Caused by local movements

within the European plate, a SE-NW orientated rift
fault system is developing in the southern part of the
present Netherlands.

The sea level varies in time, but most of the
area stays below sea level. Sediment is brought in
from the hinterland by the ancient river Rhine and
centres of deposition are developed within the areas
of subsidence.

Seven million years ago the delta of the ancient river
Rhine starts growing and the main centre of depos-
ition shifts north-west. An uplift of the hinterland
starts. Apart from that, some three million years ago,
an extensive delta is developing in the northeast of
the present Netherlands as the sea retreated from the
North-German lowlands.

Almost two million years ago the main centres of
deposition shift further northwest, towards the present
North Sea. Due to an increased sediment supply caused
by the uplift of the hinterland and a change in climate,
the Rhine-Meuse delta in the south and the delta of
the North German-Baltic river system in the north,
expand rapidly. Both deltas form one single large delta
which covers an area much larger than the present area
of the Netherlands. The sea level varies, the sea level
is relative low during the glacial periods and relative
high during the interglacial periods. During times of
high sea levels the present west-coast is below sea level
and marine clays are deposited, but generally speaking
sediments related to (braided) river systems dominate
(coarse sands and gravels during glacial periods and
windblown sands during inter-glacial periods). In fact,
a long period of sedimentation predominantly related
to an open marine environment (marine clays) has
come to an end.
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At the beginning of the holocene period (some
10000 years ago) the last sea level rise starts and the
tidal zones reach the south west of the Netherlands
again. Peat formation starts nearby the floodplains.
These peat layers are sometimes overlain by marine
clay and are sometimes eroded by the sea.

About 5000 years before present, the rate with
which the sea level rises is decreasing and, also due
to a positive sedimentation balance, a coastal barrier
system is developing. At the top of this coastal barrier,
dune forming starts. In the areas behind the coastal
barrier, out of reach of the aggressive sea, thick peat
layers are formed.

Starting some 3000 years before present the sea
starts attacking the coastal barrier and about 1000
years ago the coastal barrier has partly disappeared.
Locally sediments fall prey to the sea, but in the early
middle ages mankind intervenes and starts coastal
protection. In the seventeenth century land is even
reclaimed from the many lakes, which had been
formed naturally and by human action due to peat
extraction.

By now, the top-section of the stratigraphy of the
western part of the Netherlands consists of roughly
20 m peat and soft to very soft clay laying on top of a
thick layer of sand, coarse sand and gravel.

3 ON THE STIFFNESS OF SOIL

In order to determine deformations and stresses under
working loads the stiffness of the material plays a
very important role. This is especially true for the
behaviour of underground structures in soft soil. The
soil-stiffness in relation to the stiffness of the structure
defines the mechanical behaviour of the soil-structure
interaction system. Since the soil-stiffness is difficult
to measure and also because a number of definitions
exist in the literature, in this paragraph a short review
of the so-called ‘soil-stiffness’ will be given.

In finite element analyses, Youngs’ modulus E and
Poisson’s ratio ν are the input parameters to define the
elastic behaviour of the soil. A number of tests exist to
derive these parameters, but most of them do not give
Youngs’ modulus directly. For 3 types of tests it will
be indicated how to derive the Youngs’ modulus.

Table 1 gives an overview of values for the Youngs’
modulus E for a number of different soil types. These
values are rough values, but rather typical for Dutch
circumstances. TheYoungs’ modulus E can be derived
from an oedometer test, a triaxial test or, for instance,
a pressuremeter test.

In an oedometer test, the modulus is derived from
the curve representing the relationship between the set-
tlement of the test specimen and the vertical pressure
exerted. Since the rigidity of the circular ring around
the sample does not allow any lateral displacement,

Table 1. Rough values forYoungs’ modulus E (MN/m2) for
different soil types.

Soil type Youngs’ modulus MN/m2

soft peat 0.5–1.0
peat 1.0–3.0
soft clay 1.0–2.0
clay 2.0–4.0
sandy clay 3.0–6.0
preconsolidated, stiff clay 4.0–10.0
clayey sand 5.0–15.0
loose sand 5.0–15.0
medium dense sand 15.0–30.0
dense sand 30.0–50.0
gravel 60.0–120.0

a ‘constrained’ modulus is measured. The relationship
between this modulus (Ec) andYoungs’modulus (E) is:

where: ν = Poissons’ ratio.
In the case of fine sand, it is recommended to use
a value of about 0.3 for Poissons’ ratio ν. For clay
and peat, Poissons’ ratio strongly depends on the load-
ing rate: at high rates, the material behaves undrained.
This implies that the volume of the material is con-
stant and thus Poissons’ ratio will be (nearly) equal to
0.5. Drained behaviour of the same material results in
ratios between 0.2 and 0.3.

Youngs’ modulus can be directly derived from a tri-
axial test. Assuming the material is homogeneous and
isotropic, Hooke’s law gives:

where: εv = vertical strain of the sample
σv = vertical stress applied on the top of the

sample
σh = lateral pressure.

The pressuremeter test permits in-situ measurement of
soil-stiffness. In this case, problems associated with
sample-disturbance (clay and peat samples) or the
re-building of samples in the test-apparatus (sand) do
not exist. The test is performed by expanding a cylin-
drical cavity in the ground. The test probe is pushed
into the soil and, after reaching the required depth, a
cylindrical rubber membrane is inflated. The pressure
as well as the volume increase are measured. During
the elastic phase of the test (when plasticity effects
can be neglected), Youngs’ modulus can be derived as
follows:

where: r = current radius of cylindrical hole
ro = initial radius of the hole
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p = pressure applied
po = initial horizontal soil-stress
ν = Poisson’ ratio.

There exist also other methods to deriveYoungs’modu-
lus, as for instance a ‘plate bearing test’or correlations
with the cone-resistance as measured by a Dutch cone
penetration test.

The large number of tests illustrates the fact that the
term ‘the stiffness of the soil’at its own, is not precisely
defined. For a good understanding, additional infor-
mation is needed. It is essential to know in what way the
parameter was derived. In addition, since any modulus
of elasticity is stress dependent, differs with the rate of
deformation and varies with the stress path followed
(soil reacts for instance stiffer when it is unloaded com-
pared with the case in which the soil is loaded for the
first time), it is most important that the test conditions
during the determination of the modulus of elasticity
do agree with the circumstances that will occur in the
actual situation.

4 MODELLING SOIL-STRUCTURE
INTERACTION PROBLEMS

The analysis of soil-structure interaction problems is
complicated. Mostly two or even three dimensions
have to be taken into account, a number of construc-
tion phases has to be distinguished and, in addition, the
soil behaviour is highly non-linear and rate depend-
ent. So, up to 10 or 20 years ago, one was obliged to
use empirical or semi-analytical models. Since a num-
ber of assumptions and modifications had to be made,
in many cases this may have resulted into ‘too safe’
constructions.

For instance, in the analytical models developed to
calculate stresses and strains in tunnels, large diam-
eter culverts and pipelines, the interaction between
soil and construction has not been incorporated yet
into one combined model. The vertical loading and the
horizontal and vertical reaction of the soil are deter-
mined by a separate model, and after that applied to the
construction. In this manner, the interaction between
construction and soil is highly schematized. Normally,
aspects such as the increase of the bedding angle and
the horizontal support with increasing deformation,
and also the smoothness or roughness of the outside
of the construction are not taken into account.

At the present stage of development, finite elem-
ent models can be used to give a better prediction of
the behaviour of underground structures. The major
advantage of a finite element method is that it is cap-
able to consider the soil-structure interaction as one
integral problem to be solved. The following aspects
can be taken into account:

– smoothness or roughness of the structure
– the presence of bentonite or other fluids

– non-circular geometries of the construction
– a layered soil-profile
– time-dependent effects such as creep and

consolidation
– a full 3-dimensional approach.

Evaluating these effects, it is concluded that more
sophisticated models are advantageous when com-
pared to the option of applying and/or modifying
existing models.

In modelling soil-structure interaction problems by
using finite element models, three types of elem-
ents have to be distinguished: elements to model the
behaviour of the soil, the structure and the inter-
face between soil and structure (see Figure 1). Since
introducing the last mentioned elements into a finite
element model is a very recent development. The
mechanics of these elements will be worked out in
the next paragraph.

In fact, two mechanisms can be distinguished at the
interface: the contact-gapping mechanism and the fric-
tional shearing mechanism. The interface behaviour
can be described in terms of a relation between the
normal and shear forces, tn and ts, and the normal and
shear relative displacements across the interface, �un
and �us. The relation between tn and �un, the contact-
gapping mechanism, is modelled by a very stiff spring
to simulate contact up to a specified maximum normal
force.

If the normal force exceeds this maximum value
a discrete ‘gap’ arises between the construction and
the soil and the normal force reduces to zero. Gener-
ally the friction mechanism, is described as follows:
up to a specified shear stress level, depending on
the normal stress at the interface, ‘elastic’ shearing-
behaviour is assumed. If the shear stress exceeds the
specified shear stress level, plastic slip deformation
occurs at the interface. In that case the maximum shear
stress tmax can be defined by the Coulomb friction
model:

where:

a = the adhesion between soil and structure
σn = the normal stress at the interface
δ = the interface friction angle.

5 SOIL STRESSES AROUND UNDERGROUND
STRUCTURES

The initial state of stress in the soil, before starting
construction, can be characterized by the volumetric
weight of the soil (γ), the depth (z) and the lateral
pressure ratio (K0).
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Figure 1. Schematization of finite element model for soil-structure interaction problems.

This ratio is defined as the quotient of the horizon-
tal (principle) effective stress σ1 and vertical effective
stress σ3:

Introducing the initial state of stress into a model in
a correct way is very important. After introducing the
initial stresses into the model, all stress points in a
diagram relating the isotropic stress to the deviatoric
stress are located on the ‘K0-line’.An example is given
in Figure 2. Since the difference between the ‘K0-line’
and the failure envelope of the material is a rough mea-
sure of the load bearing capacity, introducing the initial
stresses into the model is necessary to get reliable
results.

When starting the construction phase, it is import-
ant to introduce the stiffness of the soil into the model
in a proper way. In most cases, the interest is not
only focussed on the safety against complete failure
of the construction, but also on the deformation in
and around the structure, for instance the settlement
of the soil surface. These aspects are dominated by the
deformation parameters of the soil (see paragraph 3).

The stiffness of the soil can be used as a part of
the load bearing capacity. Very flexible structures, for
instance large diameter thin-walled steel culverts, can
only be applied when the surrounding soil has a certain
stiffness (Van den Berg, 1990).

The culvert deforms due to the soil dead weight
above the structure, and during deformation a hori-
zontal reaction is created, necessary to get a new
equilibrium between soil and structure.

Figure 2. Initial state of stress in the soil and failure
envelope.

Rigid structures (made of concrete for instance)
are supposed to carry the load by themselves. If
the structure is stiff relative to the surrounding soil,
peak stresses will increase since rigid members attract
stresses. On the other hand, if the structure is capable
to deform a bit, the directions of the principle stresses
rotate, a stress arch may develop and the soil around
the structure may become partly self-supporting (arch-
ing). There is, however, a difference when looking to
the soil-stresses around a smooth and a rough struc-
ture under comparable conditions. For instance, above
a smooth culvert the stress arch will develop more
clearly then around a rough culvert. In the case of a
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Figure 3. Finite element model to investigate the influence of two bored tunnels on the surrounding soil.

rough culvert the contribution of the shear stresses at
the interface becomes more important, and a larger
part of the load is transferred to the culvert itself.

After construction, time-dependent effects may
have influence on the stresses around a structure.
Especially in soft soil layers (clay and peat) consol-
idation and creep will occur. Drainage effects due to
consolidation and creep, but also due to rainfall and
movement of the groundwater level, will have influ-
ence on the behaviour of the soil and the occurring
stresses.

6 TWO 3-M DIAMETER TUNNELS IN
AARLE-RIXTEL

In the southern part of the Netherlands two tunnels
with a diameter of 3 meter have been bored in soft
soil using a shield tunneling technique. An extensive
description of the project, the measurements carried
out and the results of finite element calculations can
be found in (Van der Schrier, et al., 1991).

In this paragraph the attention will be focussed on
the influence of the construction of the culverts on
the surrounding soil. A two-dimensional plane strain
finite element model has been used to investigate this
influence. The model is presented in Figure 3.

The process of tunneling will cause some settlement
of the surface. This is also indicated in Figure 4. In this
figure, the soil displacements are presented at the end
of the construction of the second tunnel (the first tun-
nel has been completed already). As can be seen, the
soil displacements are not symmetrical. This is caused

by the fact that the soil above the first tunnel, which
was constructed at the left side of the second, has been
influenced. Due to the construction of the first tunnel,
the stress state is not virgin anymore. After the con-
struction of both tunnels, the settlement profile at the
surface will be slightly asymmetrical.

The stresses in the soil are strongly influenced by
the tunneling process. This is illustrated in Figure 5.
As can be clearly seen, a stress arch has been devel-
oped around the tunnel. The directions of the principle
stresses rotate and the vertical stresses above the tun-
nel strongly decrease. Next to the tunnel the stresses
increase. Since the second tunnel will be installed
within this area (the dashed line in Figure 5), the load
on the second tunnel will be relatively large. Further-
more, because the construction of the second tunnel
will partly disturb the stress arch around the first one,
the load on the first tunnel will increase also.

The influence region can be estimated from
Figure 5. For the case presented, the stresses in the
soil change due to the tunneling process up to about
two diameters above the tunnel and one diameter next
to the tunnel. It can be concluded that, in this case,
the interaction between the two culverts would have
been negligible if they were constructed at a distance
between them of at least one tunnel-diameter.

7 CONCLUDING REMARKS

– It is demonstrated that in modelling soil-structure
interaction problems, a finite element model can be
used adequately. The interaction between soil and
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Figure 4. Soil displacements at the end of the construction of the second tunnel.

Figure 5. Stresses around a bored tunnel.

structure is considered as one integral problem and
can be solved.

– Using a finite element technique, the region influ-
enced by an underground construction process, can
be determined. If the region of influence overlaps
with the region of influence of an existing structure,

an interaction with the existing structure will start
and must be investigated.

– Since at present time the interest is not only
focussed on the safety against failure, but also on
the deformation and stresses around the structure
due to working loads, the stiffness of the soil is a
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very important parameter. However, ‘the stiffness
of the soil’ is not a precisely defined parameter and
therefore special attention is needed to determine
this parameter.

– To determine ‘the stiffness of the soil’, a number of
tests can be used, it should be realised that each of
them delivers another stiffness parameter.

The following points are most important:

• the test conditions during the determination of
the stiffness parameter must agree with the cir-
cumstances that will occur in the actual situation
(stress level, stress path and deformation rate).

• the test used to determine the stiffness param-
eter must be in accordance with the calculation
method in which it is used.
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Stress distribution due to tunnel excavation

A.J. Grashuis & J.A.M. Teunissen
Delft Geotechnics, The Netherlands

ABSTRACT: This paper studies the effects of stress distribution on adjacent constructions such as pile foun-
dations due to volume loss in the tunnel boring process. A specific case is discussed of a relative deep tunnel in
a sand layer covered with clay. Due to the volume loss a change of horizontal stresses is observed. Increase as
well as decrease of horizontal stresses occurs depending on the location and the amount of volume loss. This is
of particular importance for constructions which foundation depends on the stress state, such as tension piles.
The mechanism resulting from a deep tunnel is different from the mechanism resulting from a lower overburden.
These mechanisms are noticed and discussed.

1 INTRODUCTION

The most common methods for subsurface construc-
tion are the cut-and-cover method in soft soils and
direct cutting in hard soils like rock. In densely popu-
lated areas, like big cities, transportation takes place
more and more through tunnels. The lack of surface
space, the unconvenience with surface activities for
constructing, and the still increasing demand for trans-
port leads to the need for more sophisticated methods
for constructing tunnels. The shield boring machine
for such a situation is of current interest in The Nether-
lands.The effects of tunnelling in soft soils on adjacent
constructions and foundations are of practical interest
(Fujita, 1989). This paper describes the stress distribu-
tion due to tunnel excavation. It is especially directed
to effects on pile foundations. For surface settlements
much more is already known (Attewel, et al., 1986).

The excavation for constructing tunnels is a com-
plicated three dimensional problem (Peck, 1969). It
consist of several components: the excavation at the
front, the frontpressure, the overcutting, the placement
of the tunnel segments and the backfill grouting. The
aspect of tunnelling which has most effect on the sur-
rounding environment is the reduction of volume. It
is caused by the smaller lining in comparison to the
cutting diameter. Study of this effect is presented in
this paper after performing plane strain simulations.

In section 2 the problem is defined. In section 3 the
method of solution is presented. Results of the simula-
tion are given in section 4. These are discussed in sec-
tion 5. The paper closes with conclusions in section 6.

2 PROBLEM DESCRIPTION

The geological situation in The Netherlands can be
characterized as follows. The soil stratigraphy consist

of holocene soft clay and peat layers from surface to
a depth of 15 m to 25 m, on top of a relatively stiff
pleistocene sand layer which is used as a foundation
layer for piles. The undrained shear strength of the
clay is around 10 kPa and the volumetric weight of
saturated peat can be lesser than 11 kN/m3. Further-
more the groundwater table is close to the surface.
Many pile foundations and several existing tunnels
are present, which are obstacles for additional to be
designed tunnels which should be constructed with
the shield boring technique.

This paper presents a pre-design of an 8 m diameter
tunnel which is located with its top at 27 m below sur-
face. The large overburden is due to its location close
to a waterway to be crossed. A sand layer follows after
23 m of soft clay layers from surface to 4 m above the
top of the tunnel. In Table 1 the used soil parameters
for this case are given. It is assumed that the water
table is present at surface.

Of particular interest is the development and
behaviour of the stresses near the tunnel due to exca-
vation and its construction, because an existing con-
struction is close to this new designed tunnel. For the
existing construction tension piles are used to resist the
uplift forces caused by the water pressure at the bottom
of it. For a good and stable bahaviour of the tension
piles the horizontal stresses, which cause the neces-
sary friction between pile and surrounding soil, are

Table 1. Used soil parameters.

Soil- Level E νi/ν ϕ′/ c′ γ ′
type m MPa – ψ◦ kPa kN/m3

Clay +5 to −18 1–5 0.45/0.4 25/0 5 7
Sand <−18 25 0.35/0.3 35/5 0 10
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very important. The purpose of analyzing this case is
to investigate the effect of tunnel excavation on the
surrounding soil.

3 METHOD

The calculation is performed with a finite element
code developed for non-linear geotechnical problems
(Teunissen, 1991). In the analysis a Mohr-Coulomb
model has been used. The elastic behaviour is
described by a linear-elastic model with the param-
eters Young’s modulus (E) and Poisson’s ratio (ν). The
strength parameters in the Mohr-Coulomb model are
the friction angle (ϕ′), the dilatancy angle (ψ) and
cohesion (c′).

The calculation is performed as a drained analy-
sis. This implies that the pore pressures are neglected,
which for clay is only acceptable for simulation of long
term effects. The tunnel is modelled without any spe-
cial interface behaviour between the tunnel and the
surrounding soil.

The used finite element mesh (consisting of 2539
nodes and 926 quadratic triangle and quadrilateral
elements) is given in figure 1, together with the dimen-
sions. For reasons of symmetry, only half of the tunnel
and soil is modelled.

The calculation is performed with a conventional
constant stiffness method.

The calculation is divided into two stages:

1. the initial stress build up,
2. the volume reduction in small calculation steps.

It is assumed that the weight balance of the tunnel
is zero: its initial weight (i.e. effective body force
of sand) equals the after contruction weight includ-
ing the uplift force caused by water pressure. In this
paper presented amount of volume reduction is the

Figure 1. Used finite element mesh.

direct volume loss around the tunnel and not as it
is measured from surface settlement. Determination
from surface settlement may include other geometrical
effects resulting from the occurrence of compression
or extension of the soil. The volume loss in the calcu-
lation is applied by a force controlled compression of
the tunnel. This means that the tunnel is not fixed in
the soil, but is able to move vertically if the reaction
forces in the surrounding soil force the tunnel to do
this. Not taken into acount is the deformation of the
tunnel itself. Its shape remains exactly circular.

4 RESULTS

The applied volume loss ranges in small steps from 0
to 2.63% of the initial tunnel volume. After 2.63%
volume loss the base of the tunnel moves 22 mm
upwards and its top 84 mm downwards. This means
that the tunnel axis moves as a whole slightly down-
wards (21 mm) due to the behaviour of the surrounding
soil. Settlement troughs at horizontal levels +5 m,
−6 m and −18 m after 0.53% and 2.63% volume loss
are presented in figure 2. The volume of the settle-
ment troughs is slightly lower than the applied volume
loss which means that some expansion of the soil
occurs. From figure 2 it seems also that close to the
sand layer a trough with a smaller width and steeper
slope is present compared with the troughs in the clay
layer.

Of importance is the behaviour close to the tunnel.
At a vertical 10 m from the tunnel axis displace-
ments and stresses at three locations are recorded,
see figure 1 for the locations A (above the tunnel), B
(besides the tunnel) and C (under the tunnel). Figure 3
presents the horizontal displacements and figure 4 the
development of the horizontal stresses at the three
mentioned locations during applying the volume loss.
Initially the soil moves horizontally towards the tunnel,

Figure 2. Settlement troughs after 0.53% and 2.63% vol-
ume loss.
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however after about 1% volume loss for location B
a drastic change in the moving direction takes place.
For the horizontal stress a decrease can be seen, the
largest for location A. For location B, after an ini-
tial decrease of horizontal stresses, an increase occurs.
In section 5 the possible causes for this behaviour is
discussed.

For comparison, some results at the beginning stage
of the volume loss and at the end of the calculation are
given in the figures 5 and 6 in an area close to the
tunnel. Figure 5 presents the velocity field (incremen-
tal displacements) between a volume loss of 0.26% to
0.53% (figure 5a) and between 2.37% to 2.63% (fig-
ure 5b). The drastic change in direction of the nodal
displacements is clearly shown. The stress state after
0.53% volume loss is given in figure 6a, and after
2.63% in figure 6b. The horizontal stresses σxx and
the vertical stresses σyy after 2.63% volume loss is pre-
sented in the figures 7a and 7b. Above and under the
tunnel a horizontal stress build up results and besides
the tunnel a vertical stress build up. From the figures 6
and 7 the development of arching can be seen.

Figure 3. Development of horizontal displacements at
three locations.

Figure 4. Development of horizontal stresses at three
locations.

Figure 5a. Incremental displacements between 0.26% to
0.53% volume loss.

Figure 5b. Incremental displacements between 2.37% to
2.63% volume loss.
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Figure 6a. Stress state after 0.53% volume loss.

Figure 6b. Stress state after 2.63% volume loss.

Figure 7a. Horizontal stresses σxx [kPa] after 2.63%
volume loss.

Figure 7b. Vertical stresses σyy [kPa] after 2.63%
volume loss.
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Figure 8. Area of plasticity (in black) after 2.63% volume
loss.

5 DISCUSSION

The results show that the effect of the applied volume
loss can be divided into two parts.

The first part up to about 1% volume loss can be
characterized as an elastic response to an initial amount
of volume loss. The reaction of the surrounding soil
is a flow of soil particles in the direction of the tunnel
where space is created. Plasticity is not yet present and
due to the created space a decrease of stresses occurs.
The decrease of horizontal stresses at location B is
about 7%. Additional simulations result in a decrease
locally of about 25%.

The second part of the volume loss starts from
about 1% volume loss. Comparison of figure 5a with
figure 5b shows a drastic change of the direction of dis-
placements. For location B for instance, it results in a
flow away from the tunnel instead of a flow towards
the tunnel before, see figure 3. Locally the direction
of displacements changes over 90◦. A strong arching
around the tunnel develops also during this part of vol-
ume loss, see figure 6a and 6b. A further inspection of
this case shows local plasticity around the tunnel. This
area of plasticity is slowly increasing during increas-
ing volume loss, see figure 8 for the area of plasticity
after 2.63% volume loss.

The arching band and the area of plasticity are
both located within half a diameter around the

tunnel. Therefore it is concluded that the arching band
reaches its ultimate stress state.

Close above the tunnel the flow is separated in a part
which remains active on the tunnel (up to a vertical at
about 0.75 times the tunnel radius besides the tunnel)
and a part which is moving besides the tunnel and is
active on the soil mass just outside the arching band,
see figure 5b.

6 CONCLUSIONS

In other almost similar performed tunnelling simula-
tions, the mentioned behaviour of a drastic change in
flow direction near the tunnel was not noticed. The
principal difference with the case presented here is the
smaller overburden. So the depth of the tunnel and thus
the resulting overburden is presumably a key factor in
the development of mechanisms in the soil. In case of
a low overburden (say 1 to 2 times the tunnel diame-
ter), usually a plastic shear band occurs starting from
the tunnel and developing to the surface with a steep
slope (between 70◦ and 90◦ with the horizontal) in case
of an overburden consisting of sand layers, and a flat
slope (between 40◦ and 60◦) in case of less stiffer clay
layers. The main part of deformation takes place direct
above the tunnel. For the case presented in this paper
diffuse plasticity occurs around the tunnel and it does
not reach the surface due to the large overburden.

Additional calculations were carried out with dif-
ferent soil parameters and also including an interface
layer between tunnel and surrounding soil with smooth
and rough conditions. All calculations resulted in
similar effects as described in this paper.

The effect of volume contraction of the tunnel
results in the effect of soil moving to the tunnel. This
effects gradually a larger area around the tunnel if the
tunnel has a low overburden.Then a marked area above
the tunnel with shear zones from the tunnel upwards
developes. If the location of the tunnel is deep, geomet-
rical effects become important.Above the tunnel is still
the weakest area in comparison to soil next to or below
the tunnel. But the soil massive above the tunnel will
move down and will simultaneously push the soil next
to the tunnel away. The overburden will remain elastic.

Some constitutive aspects such as nonlinear com-
pressibility of the soil may influence this behaviour.
Preferably this should be done with a Cam-Clay
type of model with inclusion of undrained behaviour
for clay. For sand a stress and load dependent model
could be used (loading with a higher modulus of
elasticity, unloading with a lower one). This has not
been performed in this study. It can improve the
quantitative data.

Of importance is also to incorporate the behaviour
of the lining during volume loss. A non-circular defor-
mation of the lining will occur. This is still a topic of
research.
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Soil loads acting on shield tunnels: comparison between bedded beam
model and finite element calculations
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ABSTRACT: The Ministry of Transport and Public Works of The Netherlands has ordered the construction
of a large diameter bored tunnel at Heinenoord. The tunnel will have an outer diameter of 8.3 m and will be
the first large diameter shield tunnel in The Netherlands. The tunnel will be bored in soft soil conditions. For
the design of the tunnel lining, calculations have been performed with the bedded beam model. A comparison
between these calculations and finite element calculations has been made. It was concluded that soil stresses
acting on the lining and behaviour of the lining according to the finite element calculations was different from
the bedded beam model with respect to the influence of the water pressures (buoyancy of the tunnel) and the
modulus of subgrade reaction.

1 INTRODUCTION

In 1994 and 1995 a design was prepared for the first
large shield tunnel to be driven in The Netherlands,
the Second Heinenoordtunnel.The tunnel contains two
tubes with an outer diameter of 8.3 m and a lining
thickness of 0.35 m.The tunnel crosses the Oude Maas
river. Delft Geotechnics has executed the soil investi-
gation for this project and has provided geotechnical
recommendations. The design has been made by the
TCH contractor combination on behalf of the Dutch
Ministry of Transport and Public Works. The TBM is
of the Slurry Shield type.

The soil conditions in the western part of
The Netherlands differ at various locations from soil
conditions in the surrounding countries. The top layers
can be characterised as very soft and the ground water
table is mostly high. Therefore extensive research has
taken place and will be executed in the near future to
investigate the applicability of foreign design methods
for Dutch soil conditions. In this paper some results are
presented of research, that has been executed by Delft
Geotechnics.

Results will be presented with respect to the
geotechnical parameters used in the bedded beam
model to determine stresses in and deformations of
the tunnel lining. Special attention is given to:

– effective soil stresses acting on the lining after
construction of the lining;

– the determination of the modulus of subgrade reac-
tion and distribution of the subgrade reaction of
shallow tunnels;

– effective soil stresses on tunnels situated in soil,
which is liable to settlement.

For this research 2D finite element calculations
have been executed for two situations at the Sec-
ond Heinenoordtunnel and a hypothetical situation,
representing a Dutch soft soil profile. These calcu-
lations will be discussed in this paper.

2 CALCULATION MODEL

The calculation model, that has been used by the TCH
to determine bending moments, shear forces and nor-
mal forces in the lining is the version of the bedded
beam model developed by Wayss & Freytag. Two
parallel lining rings are modelled, where each ring con-
tains 7 elements with a width of 1.5 m and a thickness
of 0.35 m. The second ring is rotated over half the seg-
ment length in comparison with the first ring. The two
rings are connected by a “shear spring”. The principle
of this model is given in Figure 1.

The subgrade reaction and the effective soil stresses
are schematised in accordance with ITA and Duddeck
(1980). This means that for shallow tunnels, no sub-
grade reaction is taken into account at the top of the
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Figure 1. Wayss & Freytag’s bedded beam model.

lining over a total angle of 90 degrees. The fact that
the vertical effective stress acting on the bottom of the
lining is taken equal to the original vertical effective
stress at the top of the lining, suggests that no stresses
in the lining are generated due to decompression of the
soil below the lining. The buoyancy is eliminated from
the calculation, in accordance with Erdmann (1983),
by assuming a sine distribution of the water pressures.

3 ANALYSED SOIL PROFILES

In this paper analyses will be discussed of tunnels in
3 soil profiles. The first two profiles were obtained
from the Heinenoord project. The first profile is found
at the northern starting point of the shield tunnel. The
top layer mainly consists of loose sand, followed by
firm peat and peaty clay layers with an undrained shear
strength of about 50 kPa. These layers are lightly over
consolidated. Below these layers a dense to very dense
sand layer is found. The tunnel is located mainly in the
peat and clay layers, while the bottom rests on the dense
sand layer. The spacing between the tubes at this loca-
tion is half the outer tunnel diameter.The ground water
table is at approximately 4 m below ground surface.

The second profile is situated at the river cross-
ing. During high tides and/or high river flow a water
level of approximately 14 m above the river bed occurs.
At this location the soil above, adjacent to and below
the tunnel is dense to very dense sand. The spacing
between the tubes equals about 1 diameter. These two
soil profiles are given in Figure 2. A detailed descrip-
tion of the soil parameters and layer thickness is given
in section 4.

Additional calculations have been executed for a
typical Dutch soft soil profile. The top 10 m consist of
very soft peat and peaty clay layers, with an undrained
shear strength increasing from approximately 3 kPa at
ground surface to approximately 12 kPa at 10 m depth.
The ground water table is located at approximately
0.8 m below ground surface. The saturated unit weight
of these layers varies from 10.2 kN/m3 of the peat

Figure 2. Soil profiles Second Heinenoordtunnel.

Figure 3. Dutch soft soil profile.

layers to 14.5 kN/m3 of the clay layers. The average
unit weight of the soft layers is about 12 kN/m3. Below
the soft layers a very dense sand layer is found with a
thickness of about 12 m. Below the sand layers a stiff
clay layer is found with an undrained shear strength
of approximately 150 kPa. In this profile two tubes
with an outer diameter of 9.8 m and a lining thickness
of 0.45 m was modelled. The profile is visualised in
Figure 3.

4 CALCULATIONS

The aim of the calculations was to simulate the stress
changes in the soil due to the tunnelling process
for the normative situations. The calculations were
2D finite element calculations performed with the
Pluto package which has been developed by Delft
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Table 1. Soil parameters northern shaft Second Heineno-
ordtunnel (1).

Top of layer Unit weight E ν

Soil type (m to NAP) (kN/m3) (kPa) (–)

sand/clay1 +4.5 17 7000 0.28
peat/clay −5.2 14.5 3300 0.28
sand 1 −12.9 20 41000 0.25
clay/sand 1 −14.0 15.5 6000 0.30
sand 2 −15.0 20 47000 0.26
clay/sand 2 −20.5 19.7 25000 0.27
sand/clay 2 −29.4 20 40000 0.26

Table 2. Soil parameters northern shaft Second Heineno-
ordtunnel (2).

Top of layer φ′ c′ K0
Soil type (m to NAP) (degr.) (kPa) (–)

sand/clay 1 +4.5 27 1 0.55
peat/clay −5.2 22 4.5 0.55
sand 1 −12.9 34 0 0.55
clay/sand 1 −14.0 22.5 3 0.55
sand 2 −15.0 34 0 0.45
clay/sand 2 −20.5 29 4 0.45
sand/clay 2 −29.4 32 2 0.45

Geotechnics. In the calculations, the following process
was modelled:

– first, the unit weight of all soil layers is applied, to
generate the initial stress state in the soil layers;

– after that, the first tube is installed in the mesh;
– the unit weight of the concrete lining is applied, the

effective weight of the excavated soil is removed and
the water pressures acting on the tube, including the
buoyancy force, is applied;

– finally, a second tube is installed in the same way
as the first tube.

For the calculations, performed for the design of the
Second Heinenoordtunnel, use has been made of a
Mohr-Coulomb failure criterion for all soil layers and
a linear elastic stiffness until failure. The stiffness of
the soil layer below the tunnel has been increased in
comparison with the measured values to incorporate
a relatively stiff behaviour under decompression. The
soil layers and soil parameters are given in Tables 1
and 2 for the calculation, executed for the situation
just behind the northern shaft, and in Tables 3 and 4
for the calculation, executed for the situation at the
Oude Maas crossing.

In these tables E is Young’s modulus, ν is Pois-
son’s ratio, φ′ is the angle of internal friction, c′ is the
effective cohesion and K0 is the coefficient of effective
horizontal stress at rest.

The top level of the tubes near the northern shaft
is NAP −5.1 m and the bottom level NAP −13.4 m.

Table 3. Soil parameters Oude Maas crossing Second
Heinenoordtunnel (1).

Top of layer Unit weight E ν

Soil type (m to NAP) (kN/m3) (kPa) (–)

sand 1 −10.7 20 7500 0.30
sand 2 −15.0 20 24000 0.26
clay 1 −21.8 19.5 9500 0.27
sand 3 −26.0 20 19000 0.26
sand 4 −28.0 20 50000 0.26

Table 4. Soil parameters Oude Maas crossing Second
Heinenoordtunnel (2).

Top of layer φ′ c′ K0
Soil type (m to NAP) (degr.) (kPa) (–)

sand 1 −10.7 30 0 0.40
sand 2 −15.0 34 0 0.40
clay 1 −21.8 28.5 5 0.40
sand 3 −26.0 32.5 0 0.40
sand 4 −28.0 32.5 0 0.40

The spacing between the tubes was 4.4 m. The ground
water table is taken at NAP +0.4 m.

The top level of the tubes at the Oude Maas crossing
was NAP – 19.4 m and the bottom level NAP – 27.7 m.
The spacing between the tubes is 8.3 m.The water level
in the river is taken at NAP +0.5 m.

To incorporate the effect of reduced lining stiffness
due to segmentation a Young’s modulus of the lining
of 12 GPa was used, which is approximately 30% of
the concrete stiffness. The unit weight of the concrete
lining has been taken 24 kN/m3. A full bond between
tunnel and soil was assumed.

4.1 Results northern shaft

At the northern shaft a water pressure of 56 kPa was
acting on the top of the tubes and 139 kPa at the bottom
of the tubes.

In Figure 4 the effective, radial soil stresses acting
on the lining at the end of the calculation are given for
the first tube to be installed and the second tube to be
installed.

The results show a horizontal ovalisation of the
tunnel i.e. the horizontal diameter increases and the
vertical diameter decreases due to deformation of
the tubes. Some influence was found of the buoyancy
of the tunnel. Due to the buoyancy some soil reactions
are mobilised at the top of the tube, which enlarges the
horizontal ovalisation. The difference in the (vertical)
water pressure acting on the top of the tube and the
(horizontal) water pressure acting on the side of the
tube at centreline causes a relative vertical ovalisation.
The dead weight of the tube and the effective soil
stresses cause a relative horizontal ovalisation.

197

Copyright 2006 by Taylor & Francis Group, LLC

  



Figure 4. Effective radial soil stresses before and after
tunnel installation at northern shaft.

In the calculations an uplift of the tunnel of approxi-
mately 20 mm is found. This uplift is partially caused
by swelling of the soil layers below the tunnel due
to decompression as a consequence of the removing
of the effective soil weight in the tubes. Because the
layers directly below the tunnel are sand layers, it is
likely that this part of the uplift has already occurred
before hardening of the tail void grout.

A distinct interaction was found between the two
tubes, although the spacing between the sides of the
tubes was more than 0.5 times the outer tunnel diam-
eter. Due to horizontal ovalisation of the first tube,
the effective horizontal stresses increase at the loca-
tion of the second tube before installation of this tube.
This results in lower horizontal deformations of the
second tube in comparison with the first tube and
therefore lower bending moments. A horizontal ovali-
sation of the first tube of approximately 2 times 9 mm
was found and approximately 2 times 5 mm of the
second tube. Due to the buoyancy of the second tube,
vertical effective stresses on top of the first tube are
reduced. Also the distribution of the stresses acting
on the first tube changes due to the installation of the
second, tube which causes an increase of the maximum
bending moments in the continuous beam model by
approximately 10%.

4.2 Results Oude Maas crossing

At the Oude Maas crossing a water pressure of 199 kPa
was acting on the top of the tubes and 282 kPa at the
bottom of the tubes.

In Figure 5 the effective, radial soil stresses acting
on the lining at the end of the calculation are given for
both tubes.

In this calculation a horizontal ovalisation of the
tube was found of approximately 2 times 6 mm. The

Figure 5. Effective radial soil stresses before and after
tunnel installation at Oude Maas crossing.

Figure 6a. Results of triaxial test simulated with 2 parallel
Mohr-Coulomb fractions.

bedded beam model would predict a vertical ovalisa-
tion. Due to the buoyancy and the dense layer overlying
the tunnel, a horizontal ovalisation was found. The
spacing between the tubes was 1 outer tube diam-
eter. No noticeable interaction between the tubes was
found.The uplift of the tubes was about 20 mm. Due to
the buoyancy force effective soil stresses at the bottom
of the tunnel reduces to a low value of 22 kPa.

4.3 Results Dutch soft soil profile

The calculations for the Dutch soft soil profile have
been executed with more advanced soil models. The
clay and peat layers were analysed with the modified
Cam-clay model. For the sand layer a trilinear model
was used containing two parallel Mohr-Coulomb frac-
tions in order to make a more adequate schematisation
of the behaviour under triaxial conditions. This is
visualised in Figure 6a.

Young’s modulus for deviatoric stresses between
0 and 50% of the maximum deviatoric stress is
equal to the sum of the Young’s moduli of both frac-
tions;Young’s modulus for larger deviatoric stresses is
equal to the Young’s modulus of the second fraction.
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Table 5. Soil parameters Dutch soft soil profile (1).

Top of layer φ′ c′ K0
Soil type (m to NAP) (degr.) (kPa) (–)

peat/clay −1.1 21 3 0.65
clay −6.0 22.5 5 0.60
sand −13.0 35 0 0.50
clay/peat −27.8 29 10 0.70

Table 6. Soil parameters Dutch soft soil profile (2).

Unit weight κ λ ν

Soil type (kN/m3) (–) (–) (–)

peat/clay 11 0.40 1.6 0.2
clay 14 0.14 0.55 0.2

Unit weight E1 E2 ν

Soil type (kN/m3) (kPa) (kPa) (–)

sand 20 55000 17000 0.30

Unit weight κ λ ν

Soil type (kN/m3) (–) (–) (–)

clay/peat 20 0.009 0.055 0.35

The magnitude of the soil parameters, used in this
calculation, is given in Tables 5 and 6.

In these tables κ represents the swelling index and
λ the compression index. E1 and E2 represent Young’s
modulus of the first and second fraction. For the shal-
low peat/clay layer and the clay layer an OCR of 1.05
has been applied; for the deep clay/peat layer an OCR
of 1.6 was adopted.

The ground water table was taken at NAP −1.9 m.
In the deep sand layer the piezometric head is approx-
imately 3 m higher than the ground water table.

The concrete tube has a diameter of 9.8 m. The top
level of the tubes was NAP −16.2 m and the bottom
level NAP −26.0 m. The spacing between the tubes
was 9.8 m. To incorporate the effect of reduced lining
stiffness due to segmentation aYoung’s modulus of the
lining of 10.8 GPa was used, which is approximately
1/3 of the concrete stiffness. The unit weight of the
concrete lining has been taken 24 kN/m3. A full bond
between tunnel and soil was assumed.

In this situation the vertical effective stress at the top
of the tubes is low, so the safety with respect to buoy-
ancy is low. In Figure 6b the radial effective stresses
before and after the installation of the tunnel are given.

The results indicate a horizontal ovalisation of the
tubes. Because the loading is relatively low, the cal-
culated horizontal deformation is less than 1 mm.
A vertical deformation of approximately 20 mm was
found. Significant decompression of the soil below

Figure 6b. Effective radial soil stresses before and after
tunnel installation for Dutch soft soil profile.

the tubes occurs due to the removal of the effective
soil weight in the tubes and the buoyancy force.

The effect of decompression due to volume loss
before hardening of the tail void grout is not modelled
here.The soil below the tubes consists of stiff clay with
a very low permeability of approximately 10−11 m/s.
Calculations show that the vertical deformations of the
tunnel due to decompression of the clay occurs pre-
dominantly within a period of approximately 2 years.
Therefore the clay layer below the tunnel will behave
almost undrained before hardening of the grout, so
most of the swelling will occur afterwards.

The vertical effective stress at the top of the tubes
is increased, despite the horizontal ovalisation. This
is caused by the buoyancy of the tubes. The increase
in vertical effective stress at the top is low (about
2 kPa). The vertical effective stresses at the bottom
of the tubes is almost equal to the sum of the ori-
ginal vertical effective stress at the top of the tunnel
and the stresses, caused by the dead weight of the con-
crete lining. Because a full bond between tube and soil
was assumed, a shear stress at the side of the tunnel
of almost 20 kPa was generated. If the influence of
the shear stresses is removed, the distribution of the
stresses is almost in accordance with the assumptions
of the bedded beam model for shallow tunnels.

To obtain quantitative information of the modulus of
subgrade reaction due to horizontal ovalisation, a hori-
zontal, outward deformation of 20 mm was imposed
on the two nodes at the level of the centreline of the
tube at the end of the aforementioned calculation steps.
The calculated deformations and stress changes at the
interface between lining and soil have been used to
determine the magnitude of the modulus of subgrade
reaction. The results are given in Figure 7.

The results show that the modulus of horizontal sub-
grade reaction at the sides of the tubes is lower than
the expected value of Eoed/R, where Eoed the oedome-
ter modulus represents and R the radius of the tube
(Ahrens, 1982). In this case only 65% of the expected
value was calculated. This may be caused by the
limited thickness of the sand layer above the top of
the tunnel (3.2 m) in comparison with the tube diam-
eter. This type of calculation has been executed for
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Figure 7. Calculated modulus of subgrade reaction.

several soil conditions. In general, for shallow tunnels
a modulus of horizontal subgrade reaction is found of
between 0.5 Eoed/R and Eoed/R.

The modulus of vertical subgrade reaction at the
bottom of the tubes is relatively low. In the calcula-
tions the behaviour of the deep clay/peat layer was
described with the modified Cam-clay model. This
means that stiffness and settlement/swelling is propor-
tional with the isotropic effective stress. Although the
soil below the tunnel behaves as relatively stiff, over
consolidated soil, the stiffness reduces with decreasing
isotropic effective stress.

4.4 Tunnel in soil liable to settlement

For the Dutch soft soil profile an analysis has been
made of the consequences of applying a tunnel with the
aforementioned dimensions, which is partially located
in the soft layers. This situation occurs just behind
shafts in order to limit the depth of the shafts. In that
case the weight of the soil overlying the tunnel is insuf-
ficient to withstand buoyancy of the tunnel. One of the
solutions is to increase the weight of the overlying soil
by placing a sand fill or replacing the soft layers by
sand. Placing of a sand fill on ground surface causes
significant settlement. Also, the soil around the tunnel
would be compressed significantly, even if excess pore
water pressures are almost eliminated by using verti-
cal drainage and a certain preload time. For instance
due to a sand fill with a thickness of 3 m and a preload
time of 1 year, using vertical drains, a settlement after
installation of 0.20 m due to secondary compression
would be expected at the top of the tunnel and almost
no additional settlement of the deep sand layer, assum-
ing that half of the 9.8 m diameter tunnel is located in
the soft layers. Because the bottom of the tunnel is
located in very dense sand, the bottom of the tunnel
will not follow the vertical deformation of the soft
layers. The consequence is a high load at the top of the
tunnel and/or large deformation of the tubes.

Removal of the soft layers would be a better solu-
tion. However, if all soft layers would be removed
and replaced by sand, flooding of the polder would

Figure 8. Tunnel in soil, liable to settlement.

occur, because the piezometric head in the deep sand is
higher than ground surface. Therefore approximately
1 m of soft, impermeable layers will have to remain.
The solution, in which all soft layers except for the
deepest 1 m are removed and a preload during 1 year is
applied, still leads to a differential settlement between
the soil at the top of the tunnel and the dense sand of
approximately 30 mm.

Due to the differential settlement between the soil
at the top of the tunnel and the dense sand, add-
itional vertical effective stresses are generated at the
top of the tubes (see Figure 8). If the tunnel would
be infinitely stiff, the total effective stress on top the
tubes can be larger than the neutral soil loads, due to
arching. A fair estimation of the additional stresses
was found by multiplying the calculated deformation
of 30 mm by the modulus of subgrade reaction deter-
mined for a situation with a sand fill overlying the
tunnel. The calculated additional stress corresponds
with the stresses obtained from Leonhardt’s method
(ATV, 1978), applied for dimensioning of pipelines in
soil which is liable to settlement. The sum of the ori-
ginal vertical effective stress and the additional vertical
effective stress due to settlement has to be applied in
the bedded beam calculation. Due to ovalisation of
the tubes, calculated with the bedded beam model, the
loads at the top of the tunnel may reduce.

5 CONCLUSIONS

Some remarks were placed on the bedded beam model,
based on experiences obtained from results of finite
element calculations. The results show that the buoy-
ancy force may be important for the design of the
lining.Also, neglecting the subgrade reaction at the top
90 degrees of the tubes is not always conservative.Vari-
ous calculations show that the modulus of subgrade
reaction may be significantly lower than according to
the bedded beam formulae. It is concluded that the
performance of finite element calculations for norma-
tive situations is recommendable in order to determine
the modulus of subgrade reaction and to investigate
complex phenomena.
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3D analysis of soft soil tunnelling
Analyse tri-dimensionelle du tunnelage en sols tendres
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ABSTRACT: The Egg-Cam clay model is a based on the Modified Cam clay model. With this model it is
possible to control the K0-prediction for one-dimensional compression. The Egg-Cam clay model is used for the
analysis of a tunnelling problem. The influence of the slurry pressure on the stability of the tunnel face and the
deformations in the surroundings of the tunnel were the main subjects of study.

RESUME: Le model Egg-Cam clay a été developé du Modified Cam clay model. Avec ce model il est possible
de controller la prediction K0 pour la teste de compression dans une dimension. Le model Egg-Cam clay est
utilisé pour l’analyse du probleme de tunnelage. L’ influence du slurry pressure sur le stabilité du front du tunnel
et les deformations autour du tunnel sont été les sujets principals de l’etude.7

1 INTRODUCTION

In the crowded western part of the Netherlands, it
is important to have a good insight in the influence
of tunnelling on the surroundings. The existing 2D
finite elements models are not sufficiently equipped to
model this typical 3D problem. Especially the effects
around the tunnel face are purely 3 dimensional.

A research program has been carried out with
the purpose to develop complete 3D models which
are specifically suitable for the analysis of soil-
structure problems in general and tunnelling problems
in particular. Within this study, (3D) constitutive mod-
els have been defined and implemented in the finite
element program DIANA. One of these models is the
Egg-Cam clay model, which is a moderated version of
the Modified Cam clay model.

This model will be described in the first part of this
paper. In the second part of the paper this model will
be used for the analysis of a tunnelling problem. The
influence of the slurry pressure on the stability of the
tunnel face and the deformations in the surroundings
of the tunnel were the main subjects of study. Sandy
layers have been modelled with the Mohr-Coulomb
model, and clay and silt layers have been modelled
with the Egg-Cam clay model.

2 THE EGG-CAM CLAY MODEL

The advanced constitutive model for clay is based on
the Modified Cam clay model. For a description of
this model the reader is referred to Roscoe and Bur-
land (1968), Britto and Gunn (1987) and Muir Wood
(1990). The Modified Cam clay model gives, at ser-
vice load, good predictions of deformations, not only
under compression, but also under shear. However,
the stresses are not always described properly. Under
one-dimensional compression the horizontal stresses
(and thus the K0 = σ ′

h/σ ′
v) are too high. With the Egg-

Cam clay model it is possible to control the predicted
K0-value for one-dimensional compression.

The difference between the Modified Cam clay
model and the Egg-Cam clay model is the shape of
the yield locus. The yield locus of the Modified Cam
clay model is an ellipse, while the yield locus of the
Egg-Cam clay model consists of two half ellipses, see
Figure 1. To be precise, the yield function of the Modi-
fied Cam clay model is cut on the top into two pieces.
The right part is replaced by another half ellipse with
a horizontal axis of variable length. At the top of the
two ellipses, where they touch each other, the tangent
of both ellipses is horizontal. The left part of the yield
locus remains the same as in the Modified Cam clay
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Figure 1. The Delft Egg model.

model. The parameter which defines the shape of that
part is M = (6sin ϕ)/(3 − sin ϕ). To define the shape
of the right side of the ellipse, a new parameter is
introduced: α.

The Modified Cam clay model is still a special case
of the Egg-Cam clay model (α = 1). Later we will see
that this parameter α is not a new material parameter
which has to be determined. If we assume some value
for K0, or for example a relationship between ϕ and K0,
α turns out to be dependent on a few other Modified
Cam clay parameters. The yield function of the Egg-
Cam clay model is:

where

2.1 One-dimensional compression,
the parameter α

Suppose a one-dimensional compression test (oedome-
ter test). A clay sample is loaded vertically, while hori-
zontal deformations on the boundary of the sample are
forced to be zero. The vertical stresses in the sample
are defined by the vertical force divided by the surface
of the sample. The horizontal stresses in the sample
are defined by K0 = σ ′

h/σ ′
v. Since the nineteen-forties

several researchers have tried to find a relationship
between K0 and the internal friction angle ϕ. These
researchers have carried out many experiments, the
results of which were collected by Kumbhojkar et al.
(1993) and drawn in Figure 2. It is clear that Jâki’s for-
mula K0 = 1 − sin ϕ (Jâki, 1944) is a good fit through
these experimental data.

When a one-dimensional compression test is simu-
lated with the Modified Cam clay model, vertical
stresses are prescribed, and horizontal stresses are cal-
culated K0 can be determined.The K0-prediction of the
Modified Cam clay model can be expressed explicitly

Figure 2. K0-predictions of the Modified Cam clay model
compared with experimental data for clay.

Figure 3. The K0-prediction depends on the slope of the
yield surface at the intersection with the K0-path.

as a function of ν, ϕ and �(=(λ − κ)/λ) and is drawn
in Figure 2. For the lower values of ν and � the K0 is
better than for the higher values of ν and �, but in all
cases K0 is too high.

The K0-prediction of the Modified Cam clay model
depends on the slope of the yield locus at the point that
the ellipse is crossed by the K0-path. The steeper the
ellipse at that point, the lower the K0-prediction of the
model. Figure 3 shows that the slope of the Egg-Cam
clay model at the intersection of the K0-path (point
X) is steeper than the slope of the Modified Cam clay
model at point Y. So, it can be expected that the K0-
prediction of the Egg-Cam clay model will be lower
than of the Modified Cam clay model. The top line in
Figure 4 shows the K0-prediction of the Egg-Cam clay
model with α = 1, which is the same as the Modified
Cam clay model. The prediction of the Egg-Cam clay
model with α = 1.9 lies lower in the figure.This proves
that the higher the α, the lower lies the K0-line in the
figure. If we assume some value for K0 (for example
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Figure 4. K0-predictions of the Egg-Cam clay model.

Figure 5. The values for α which have to be used to get the
K0-predictions K0 = 1 − sin ϕ.

K0 = 1 = sin ϕ), we can calculate the factor α from ν,
ϕ, �(=(λ − κ)/λ) and α (Van Eekelen et al., 1994).

Figure 6 shows experimental data of Graham et al.
(1983). From this paper it can be concluded that the
Egg yield locus agrees better with the experimental
data than the Modified Cam clay ellipse.

2.2 Conclusions

The Egg-Cam clay model is an advanced version of the
Modified Cam clay model. An additional parameter
α has been introduced to control the K0-prediction.
This parameter α turns out to be dependent on other
conventional material parameters.

3 3D ANALYSIS OF A BORED TUNNEL

This study considers a specific aspect of tunnel boring,
using shield tunnelling techniques. For a slurry shield

Figure 6. Experimental data of Graham et al. (1983), the
Egg, and Modified Cam clay.

Figure 7. Soil profile.

it is very important to know the relation between the
slurry pressure at the front, the stability of the front and
the deformations in the surroundings. This typically
3D problem will be modelled 2D and 3D.

Figure 8 gives definitions of several pressures at the
tunnel face.

The soil profile is representative for the situation
near the Second Heinenoordtunnel, which is being
built near Rotterdam in the Netherlands. The soil pro-
file (Figure 7) is modelled by a 3D element mesh with
8 noded cubic elements, and a 2D element mesh with
8 noded quadrilateral elements. This 2D mesh is a lon-
gitudinal cross-section of the tunnel. In a plane strain
situation it is a long, continuous opening in the soil,
with a height equal to the diameter of the tunnel.

The model has four layers. The two sandy layers
have been modelled with the Mohr-Coulomb model,
and the clay and silt layers, have been modelled with
the Egg-Cam clay model. The behaviour of all layers
is assumed to be drained. Table 1 gives the material
parameters which are used in the calculations.

The results of the calculations have been compared
results in which all layers were modelled with the Mohr
Coulomb model.
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Figure 8. Phase 1 and 2 of the calculations.

Table 1. Material parameters which are used in the
calculations.

Stiff Soft
Parameter sand Silt clay Sand

Model MC Egg Egg MC
ϕ 35 26 22.5 30 ◦
ψ 5 0 ◦
c 0 0 kPa
E 150 10 MPa
v 0.3 0.33 0.35 0.32 –
γwet 21.5 16.5 14 kN/m3

γdry 16.5 kN/m3

n0 0.61 0.76 –
OCR 1.2 1.3 –
λ 0.036 0.425 –
κ 0.007 0.085 –
α 1.85 1.97 –

The calculations have been carried out in 3 phases:

1. The initial stresses, caused by the soil weight are
generated. On the tunnel lining a boundary pressure
which is equal to the soil stress is introduced. (see
Figure 8a).

2. The (horizontal) pressure against the front is
adapted, in order to simulate the slurry pressure on
the front. We assume that the pressure in the cen-
tre of the tunnel (56.95 kPa) is kept constant and
the gradient is defined by γslurry = 11 kN/m2 (see
Figure 8b).

3. The slurry pressure is
a. increased down to active failure
b. decreased up to passive failure

3.1 Results

Figure 9 shows the maximum horizontal deformation
at the tunnel face as a function of the working pres-
sure. All lines in Figure 9 start at the starting working
pressure of 54.64 kPa (which is the end of calculation
phase 2). The 8 lines correspond with the 2D and 3D
calculations, active and passive failure, calculations in
which all layers have been modelled with the Mohr
Coulomb model (MC) and calculations in which the
two soft layers have been modelled with the Egg-Cam
clay model (Egg).

Figure 9. Maximum horizontal deformation tunnel face.

Figure 10. Egg-Cam clay model: stress paths of three modes
at the tunnel face during decreasing front pressure.

The deformations during lowering of the front pres-
sure are quite small. Even with a working pressure of
the front pressure are quite small. Even with a working
pressure of 0.0 kPa, the 3D tunnel face remains stable.

The 3D calculations behave stiffer than the 2D cal-
culations: In the 2D calculation a long, continuous
opening in the soil is modelled.

In the right part of Figure 9, the Egg-Cam clay
calculations behave stiffer than the Mohr Coulomb cal-
culations due to the stress-dependent stiffness of the
Egg-Cam clay model. If the front pressure is increased,
the Egg model behaves stiffer than the Mohr Coulomb
model.

The left part of Figure 9 shows the same as the
right part: the Egg model behaves stiffer as the Mohr
Coulomb model. Figure 10 and Figure 11 give an
explanation. The figures show the stress paths of three
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Figure 11. Mohr Coulomb model: stress paths of three
nodes on the tunnel face during decreasing front pressure.

nodes at the tunnel face during lowering the front
pressure. During this phase, the horizontal stress σh
decreases, while the vertical stress σv remains more
or less the same, thus q = σv − σh increases, while
p′ = (σv + 2∗σh)/3 decreases.

Both figures give the same diagonal: for the Mohr
Coulomb model this is the yield locus, which can
not be crossed by a stress path. As soon as the stress
path reaches the yield locus, the behaviour is perfectly
plastic and consequently, less stiff.

For the Egg model the diagonal is the Critical State
line (CSL). Now, the stress paths can intersect this
line, as long as the stress state falls within the ellipse.
During this phase, the Mohr Coulomb model already
behaves plastic and less stiff. When the stress path
reaches the yield locus (the Egg), softening occurs.
The calculations have not been carried out far enough
to see major softening. Only local softening occurs
(node 253). In the calculations the interface between
tunnel and soil is taken smooth. Figure 12 shows that
the deformations in front of the tunnel face cause too
much circular movement above the tunnel lining. For
future analysis it is recommended to introduce a good
tunnel-soil interface model.

Figure 12 also shows that the deformations at the
tunnel face are considerably larger than the deform-
ation at ground level. In the 3D calculations this
difference is even larger.

Figure 13 and Figure 14 give the deformations at the
tunnel face for the 3D calculations. The results show
that the maximum deformations at the tunnel face for
the 2D calculations are 1.7 to 2.4 times larger than for
the 3D calculations (Figure 15).

Figure 16 compares the maximum ground level
settlement calculated by the 2D and the 3D model.

Figure 12. Deformation pattern under working pressure
15.64 kPa.

Figure 13. Deformation tunnel face during increasing the
front pressure (3D).

Figure 14. Deformations tunnel face during decreasing
front pressure (3D).

The difference between the 2D and 3D calculations is,
for realistic pressures, between a factor 5 and 8.

Figure 17 and Figure 18 show the deformations
at ground level straight above and parallel to the
tunnel. The deformations at the left part of the fig-
ures, straight above the tunnel, are very large. This is
mainly caused by the smooth tunnel-soil interface.The
deformations at the right part of the figures are more
realistic. The maximum settlement is found at a dis-
tance from the tunnel face of about one to one and a
half times the tunnel diameter.
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Figure 15. Relation between 2D and 3D calculation: com-
parison between maximum deformations of the tunnel face
(2D/3D).

Figure 16. Relation between 2D and 3D calculation: com-
parison between maximum deformations at ground level
(2D/3D).

3.2 Conclusions

The differences between the results of the Mohr
Coulomb model and the Egg-Cam clay model are
mainly caused by the stress dependent stiffness of the
Egg-Cam clay model.

The deformations which are found during decreas-
ing the front pressure are quite small. For the specific
soil profile analyzed, even with a working pressure of
zero, the tunnel face remains stable.

It is not possible to find a constant factor for the dif-
ference between 2D and 3D tunnel calculations. The
factors found in this study differ between about 2 and 8.

Figure 17. Deformation at ground level, straight above and
parallel to the tunnel, increasing front pressure (3D).

Figure 18. Deformation at ground level, straight above and
parallel to the tunnel, decreasing front pressure (3D).

For the analysis of the front stability the 2D analysis
gives a more conservative value for the ultimate work-
ing pressure (and a such a save estimate). Whereas,
the 3D analysis gives a more realistic prediction of the
deformations.

4 NOTATION

E Young’s modulus
f yield locus
K0 σ ′

h/σ ′
v

M Shape factor for Cam clay ellipse/slope
of the critical state line

OCR overconsolidation ratio
p′ 1

3 (σ ′
xx + σ ′

yy + σ ′
zz) effective isotropic stress,

axial symmetry: p′ = 1
3 (σ ′

a + 2σ ′
r)

p′
c isotropic preconsolidation stress

208

Copyright 2006 by Taylor & Francis Group, LLC

  

http://www.crcnetbase.com/action/showImage?doi=10.1201/9781439834268.ch30&iName=master.img-016.jpg&w=191&h=171
http://www.crcnetbase.com/action/showImage?doi=10.1201/9781439834268.ch30&iName=master.img-017.jpg&w=191&h=161
http://www.crcnetbase.com/action/showImage?doi=10.1201/9781439834268.ch30&iName=master.img-018.jpg&w=191&h=141
http://www.crcnetbase.com/action/showImage?doi=10.1201/9781439834268.ch30&iName=master.img-019.jpg&w=191&h=153


q deviatoric stress:

axial symmetry: q = σ ′
a − σ ′

r
α shape parameter of the Egg-Cam clay model,

which defines the shape of the right side of
the yield surface

γ unit weight of soil
κ swelling index (defines the slope of the

swelling line)
λ compression index (defines the slope of the

line which gives the relationship between
ln p′ and v for a virgin compression test)

v Poisson’s ratio
σ stress
ϕ internal friction angle
subscripts:
v vertical
h horizontal
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Three dimensional numerical simulation of tunnelling
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ABSTRACT: In this paper a novel approach is followed to model the boring process by a convection analysis.
In this simulation the tunnel is fixed and the soil moves in axial direction in the direction of the tunnel. The
advantage of such an approach is that stress history of the soil is followed and it gives marked improvement
to the existing calculation methods in performance. The method is used to simulate the boring of the 14.5 m
High-Speed Line (HSL) Green Heart tunnel in Holland.

1 INTRODUCTION

For the design of the tunnel lining for the High-Speed
Line (HSL) tunnel a three dimensional finite element
model has been developed to simulate the stresses in
the lining [Leendertse 2001]. From practical experi-
ence follows that the assembling stage is the most
critical phase in the construction process. However,
due to the inability to take into account all aspects
that play a role in the complex situation that exists
during tunnel driving and segment erection, many tun-
nel designers only consider the service-ability stage
(‘final situation’) and try to minimize the effects of
(unknown) assembling stresses by optimizing lining
design and execution procedures. Although minimiz-
ing assembling stresses is an essential thing to do,
thinking unintended stresses can be eliminated this
way is an illusion. It would be very useful if one could
predict these stresses, so the tunnel lining could be
designed to resist them. In order to overcome these
kind of problems Project Organization High Speed
Line South developed a three dimensional FEM model
for the lining in which typical assembling is involved.

In this model the soil has been modelled with inde-
pendent linear elastic springs. The characteristics of
these springs have been determined on a plane strain
deformation situation based on a horizontal ovaliza-
tion of the lining. This approach entails a number
of limitations because the boring of the tunnel is an
essential three dimensional problem with effects of
frontstability, overcutting, the conical shape of the
shield, the grouting at the tail end, the shear force

between the soil and the shield, the change of the
constitutive properties of the grout in time and the
uplift of the shield and the tunnel due to the water
pressure (Archimedes). In order to estimate the mag-
nitude of these effects a three-dimensional model has
been developed that is focussed on the soil behavior.
This three-dimensional simulation is performed to give
accurate predictions of the stresses, ground surface
displacements and the soil deformations. The results
of this ‘soil’ calculation can be compared with the 3D
detailed lining calculation. So the effect of the sim-
plification of the soil to springs can be quantified.
Further these calculations serve as a model for the
interpretation of the monitoring data.

The three dimensional numerical model is set up
to model the boring process by a steady state anal-
ysis. In this simulation the tunnel is fixed and the
soil moves in axial direction in the direction of the
tunnel and the TBM face. The advantage of such an
approach is that stress history of the soil is followed.
Distinction should be made between large displace-
ments and large deformations. The modelling of bored
tunnels is a problem with small deformations and pro-
gressive process of soil removal and building. A small
deformation approach with convective terms for such
problems is more than sufficient. It is an alternative
to simulations of progressive building stages. This
kind of simulations requires complex input data and
considerable more computational effort.

In this paper the first results of the calcula-
tions based on the small deformation approach with
convective terms will be presented. The simulations

211

Copyright 2006 by Taylor & Francis Group, LLC



involve a mesh of in total 25298 nodes and 22768
elements. The calculations are based on the design
properties.

2 PROBLEM DESCRIPTION

The boring of the tunnel is simulated at a point
where the center of the tunnel is placed at NAP
−27.8 m and the ground surface level on NAP −1.2 m.
This section is considered to be representative for the
tunnel boring of the Green Heart Tunnel. The cover on
the tunnel is 19.35 m and consists of soil partly clay
(10.8 m) and partly sands (7.35 m). The tunnel and the
lining are considered to be horizontal. The layers of
the soil are taken horizontal.

The boring of the tunnel will be simulated in sev-
eral stages. This includes the loading scheme for the
TBM and the construction of the lining. The TBM and
the building constructions for the lining are shown in
figure 1.

The simulation does not only include the static
analysis but it is aimed to model the progress of the

Figure 1. TBM and the lining with the building
constructions.

Figure 2. Used finite element mesh.

tunnelling process by moving the soil towards the tun-
nel. This is realized by moving the stresses and the
other integration point data stepwise towards theTBM.
The size is linked to the elemensize in the longitudinal
direction of the tunnel. The (element) size is 2.0 m for
this problem.

3 GEOMETRY

Section km 28.000 of the HSL is the starting point for
the calculations. The tunnel is modelled by a mesh of
a length of 152 m, a width of 50 m and a depth from
NAP −1.20 m to NAP −70 m. In front of the tunnel is
a length of 34 m.

The TBM and lining is modelled for a length of
118 m. This model involves the complete construction
of the lining as shown in figure 1. The mesh with used
groups is shown in figure 2. The length of the TBM is

Table 1. Definition of the different groups.

1 Clay (code 12) top at −1.2 m NAP
2 Clay (code 6) top at −6.0 m NAP
3 Sand (code 22) top at −12.0 m NAP
4 Sand (code 34) top at −25.0 m NAP
5 Sand (code 38) top at −36.0 m NAP

up to the bottom of −70.0 m NAP
6 Soil element next to the TBM
7 Grout in the liquid area
8 Stiff grout next to the lining behind the liquid area
9 Shell elements describing the TBM
10 Shell elements describing the lining
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12.0 m. The TBM and the lining have been modelled
with 4-noded shell elements.

The soil is modelled with 8 noded volume elem-
ents with a constant volume (B-bar method) [Hughes
1987]. The shell elements are 4-noded Mindlin-
Reissner elements integrated with reduced transverse
shear terms [Hughes 1987].

4 MATERIAL PARAMETER

4.1 Soil parameters

The material parameters are based on a somewhat sim-
plified soil profile. Not all layers [Brinkman 1998] are
taken into account in the finite element calculation.
The material parameters for loading have been used,
except for layer 38. The first two layers represent clay
in the Holocene. The other layers represent the Pleis-
tocene. The volume elements have been used with a
simple Mohr-Coulomb material model. This constitu-
tive model should be improved for capturing unloading
and reloading behavior of the soil.

The groundwater level is −1.85 m NAP. The poten-
tial in the sand is −2.25 m NAP. The small difference
in the potential for the sand has not been included in
the calculations.

4.2 Grout

At the moment of this numerical analysis the type of
grout and the number of injection points to be used
was not know. The characteristics of the grouting pro-
cess of the first tube of the Botlek tunnel project have
been used.

The grout is injected directly behind the TBM. Over
a length of 6.0 m the grout is in a (semi-) liquid state.
The thickness of the grout layer is 0.185 m. The grout
is injected in 6 active points (located at 2, 4, 6, 8, 10
and 12 hour). Grout is injected with a certain pressure
between the lining and the soil. At first the grout is
liquid and later grout becomes stiff. The grout in the
calculation is of the same type as Botlek grout type 1.

Over the 6 m where the grout is (semi-) liquid the
grout pressure on the soil and on the lining is modelled
by prescribed pressures acting on both sides of the
layer of elements modelling the grout. The grout pres-
sure at the top at 6 m behind the TBM was for this first
analysis taken identical to the vertical soil pressure.
The detailed grout pressure distribution around the lin-
ing for the 6 m of (semi-) liquid grout was calculated
in a separate HSL research program [Talmon 2001]. In
this research program a 2-dimensional numerical flow
analysis was performed. In this approach the rheo-
logical properties of the grout are modelled by a
one-phase viscoplastic Bingham fluid.The rheological
properties are a function of the time since injection.

TheYoung’s modulus of liquid grout is taken a factor
1000 lower of solid grout.

4.3 Shell parameters

The lining and the TBM are modelled with shell elem-
ents, which are connected directly with each other.This
is a limitation in respect to the 3D-lining model.

The diameter of the lining is 13.9 m. The thick-
ness of the lining is 0.60 m. The Young’s modulus is
13 × 106 kPa. This value is based on the effect the seg-
ments have on the global stiffness and follows from
the long-term stiffness of concrete of 21 × 106 kPa
reduced with a factor 0.65 for the segments. The Pois-
son ratio is 0.2. The mass density of the concrete is
24 kN/m3.

The TBM is modelled with shell elements with the
same diameter as the lining. The 10 mm overcut and
the 10 mm difference in radius between the front and
the back of the TBM, have not been included in these
calculations. The length of the TBM in the simulation
is 12.0 m. For the TBM the stiffness and the thick-
ness of the shell have been increased. The weight of
the TBM is 18953 kN. The centre of gravity is 4.4 m
behind the front of the TBM.

5 METHODS OF CALCULATION

There are several methods to calculate the boring
process of tunnels. These methods are:

• the construction stage by stage of the tunnel in the
Finite Element simulations

• Arbitrary Lagrangian and Eulerian (ALE) approach
• a Finite Element approach with convection.

Modelling the bored tunnel in a stepwise construc-
tion is possible in two different approaches. In the first
approach the progression of the boring is omitted. The
different loading conditions are applied on the TBM
and the lining. This is the oldest and the most simple
approach to solve the problem. In such an approach the
progression of the boring process is not included. This
is done in the second approach. In such an approach
the loading conditions move forward for each new ring
of elements in the lining.This requires a complex input
for the Finite Element program.

The ALE approach comes forward from struc-
tural engineering. This is used to study for instance
the behaviour of metal forming processes. A pos-
sible way of using these programs is by an Eulerian
approach. In this spatial calculation mode the mate-
rial moves through the mesh. These methods are
generally intended for large deformations and large
displacements. The boring of a tunnel is a small defor-
mation problem (except for the flow of the grout).
The strains in the soil remain small. So this method
although applicable for this kind of problems has more
capabilities than needed.

The Finite Element approach with convection is
a semi Eulerian approach in a small deformation
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context. In this approach the material moves through
the mesh i.e. the displacements and all data related to
the material such as the stresses. The convection can
be related to the displacements found in the analysis
and thus the direction of the convection is not fixed.
The direction of the convection can also be prescribed.
This approach has been followed in this study. Along
the direction of convection the displacement and the
stresses can be convected stepwise by element or more
gradual by interpolation. The stepwise convection has
been used in this study.This approach has resemblance
to the stage construction of the tunnel but it is for
computational point of view more straightforward.

6 SIMULATION SCHEME

The calculation is built up in several stages up to
simulate the boring of the tunnel.

In the 1st stage the weight of the soil is applied. This
is done without generating displacements.

In the 2nd stage the lining is given its stiffness and
the weight of soil in the lining is replaced by the weight
of the lining. The soil gets the proper stiffness. The
front pressure is applied. The pressure at the top is
331 kPa (based on total pressure) and the gradient is
12.0 kN/m3 for each meter. It is based on the waterpres-
sure with an additional 150 kPa at the top of the TBM.

In the 3rd stage the resulting pore pressure
(Archimedes) is applied on the lining and the TBM.

Figure 3. The vertical displacements after convection [m].

In the 4th stage the shell elements of the TBM are
made stiff and the weight of the TBM is applied. Also
the reactions of the front pressure are put on the TBM.

The TBM and lining is modelled for a length of
118 m. This model involves the complete construction
of the lining as shown in figure 1. The mesh with used
groups is shown in figure 2. The length of the TBM is
12.0 m. The TBM and the lining have been modelled
with 4-noded shell elements.

In the 5th stage the weights of the building construc-
tions in the lining are applied these are the two wheel
sets of the TBM train and the ballast construction in
the tunnel.

The lining is loaded from 52.0 m after the TBM
with 348 kN/m’ ballast. From 40.0 m to 52.0 m after
the TBM a linear transition exists from zero loading
to ballast loading. The stiffness of ballast construction
is not included in the simulation. The total load on the
first set of wheels is 8501 kN. The width of the rails is
6.2 m over a length of 24.0 m.

The total load on the second set of wheels is
5372 kN. This is applied on the lining distributed in
length over 18.0 m and over the same width as the
ballast construction on the lining.

In the 6th stage the pressure of the grout is applied.
This pressure is acting in radial direction on both the
soil and the lining.

In the 7th stage the convection is applied. This is
done in such a way that all the material has moved
along the lining.
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The calculations are performed with PLUTO
[Teunissen 1991]. In this program special facilities
have been build for the convection of stresses and
displacements.

In the convection mode the program calculates an
equilibrium state given the external forces and the
internal stresses. After a step the internal stresses are
moved in this case with the stepsize of one element
i.e. 2 m towards the TBM. And simultaneously the dis-
placements are moved with 2 m. The displacements of
the incoming soil are set to zero. This creates an unbal-
ance with the non-moving external forces that will be
corrected in the following step.

7 RESULTS

In the 1st stage the weight of the soil is applied. The
stiffness parameters are chosen in such a way that the
displacements remain small (less then 0.1 mm). This
implies that this situation can be used as Reference
State.

In the 2nd stage the lining is given its stiffness
and the weight of soil in the lining is replaced by
the weight of the lining. The front pressure is applied.
The lining is lighter than the surrounding soil and as
a result decreases the vertical stress below the lining.
The vertical stress distribution near the TBM shows
this reduction.

In the 3rd stage the resulting pore pressure is applied
on the lining. The tunnel moves upward except at the

Figure 4. The vertical stress distribution after convection [kPa].

TBM. There the soil at the front gives shear resistance
to the TBM. As a result the effective stress decreases
below the tunnel.

In the 4th stage the shell elements describing the
TBM are made stiff and the weight of the TBM
is applied. It can be seen that the TBM is moving
downward. Far from the TBM the soil is slightly
moving upward. The vertical stress below the TBM
increases.

In the 5th stage the weights of the building construc-
tions in the lining are applied these are the two wheel
sets of the TBM construction train and the ballast-way
in the tunnel. The vertical displacements at the end of
the tunnel are the significant. The loading of the wheel
set near the TBM has only little effect. The ballast in
the tunnel has significant more effect then the wheel
loading and the weight of the TBM.

In the 6th stage the pressure of grout is put on. The
grouting has a considerable local effect on the soil
around the tunnel. The pressure is high that the vertical
stresses below the tunnel increases. The grout layer
itself is pushed aside. The grout volume to push the
ground is not controlled. In this case the grout pressure
is controlled. Three-dimensional effects limit the area
of influence.

There is heave at the surface directly due to the
grouting process.

In the 7th stage the convection is applied. This has
been done in such a way that all the soil moves along
the lining. This plasticity is generated near the liquid
grout. There is a development of the plasticity at the
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Figure 5. The moments on the radial plane in the lining [kNm].

top and slightly at the bottom of the lining during the
convection process. This extents over the whole lining
during the convection. This plasticity evolves from the
grout pressure. The grout pressure is rather high for
this case. The convection leads to tilting of the lining.
At the TBM side it is moving up and at the other side
it is moving down.

The vertical stress distribution is shown in figure 4.
It can be seen that there is an increase of vertical stress
near the liquid grout where the grout pressures are put
on. Below the lining is a decrease of vertical stress.

The moments on the radial plane of the lining are
shown in figure 5. The total length of the modelled
lining 106 m. The liquid grout acts on the lining on
the first 6 m (i.e. 3 element rings). All the results are
presented in a deformed mesh.The lining and theTBM
are directly connected with each other this leads to
substantial moments near the TBM. The sign of the
moments in the tunnel change over the distance of the
lining.

The vertical displacements are shown in figure 3.
The grouting zone starting 12 m behind the TBM face
induces the heave.

At the surface maximum heave of 10 mm is found.
This heave is the primary result of the (high) grout
pressures used.

The grout pressure leads to uplift of the surface.
The maximum rise is not directly above the tunnel but
it is slightly away from the centre line. The maximum
heave is found more accentuated outside the tunnel
axis when the soil moves through the mesh. Above the
tunnel the surface comes down. This effect although
small creates a different surface trough as the Peck
curve [Peck 1969] as can be seen in figure 5.

The convection shows a development of stresses
and of plasticity around the lining. This is not found
with the simulation of the grouting process only. The
grouting process has a considerable impact on the
development of the stresses on the lining.

There may be an effect of the boundary conditions
on the solution. This is still subject of research. Espe-
cially the conditions at the front of the TBM and at the
tail end seem somewhat to close and may effect the
results. The tail end is important due to the rigidity of
the lining. The quality of the solution may increase if
the front and tail boundaries are moved away.
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Simplified three-dimensional numerical modelling of shield tunnel
advancement
Modélisation numérique tridimensionelle simplifiée de l’avancement
du tunnelier
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GeoDelft (formerly Delft University of Technology), Delft, The Netherlands

A. Verruijt
Delft University of Technology, Delft, The Netherlands

ABSTRACT: For shield tunnelling in urban areas with a soft subsoil, reliable prediction tools are indispensable.
A three-dimensional finite element model is presented which can be used to simulate phased tunnel advancement
using an ordinary computer only. In this planewise model, a significant reduction of the computional require-
ments is achieved by introducing some restrictions regarding the geometry and the material behaviour. With a
comparatively simple input, this model enables a three-dimensional phased analysis of the tunnel boring process
with slurry or EPB shields. It has been applied to the Second Heinenoord Tunnel near Rotterdam. Although the
magnitude of the surface settlements is overestimated, the shapes of the time-dependent settlement troughs and
the relative rate of increase of the settlements are reasonably well calculated in the simulation. For the bending
moments and the normal forces in the tunnel lining a reasonable agreement is found between measured and
calculated values.

RÉSUMÉ: La construction d’un tunnel foré dans un région urbain demande des techniques d’analyse sûres.
Ici un modèle d’éléments finis 3D est présenté, qui permet de déterminer les déplacements et les contraintes
dans le sol autour d’un tunnel foré si la géométrie du réseau des éléments soit indépendante du coordonné dans
la direction de l’axe du tunnel. La solution des équations numériques se fait par une méthode itérative, d’une
couche d’éléments à une autre, d’afin que l’analyse peut être effectué avec ordinateur PC. Le modèle a été utilisé
pour l’analyse du second tunnel de Heinenoord. Bien que les déplacements de surface sont un peu surestimés,
l’aspect général et le développement des déformations agréent bien avec les mesures réelles. Les forces et les
moments dans le matériau du tunnel sont aussi prédits par le modèle avec assez de précision.

1 INTRODUCTION

The importance of shield tunnelling techniques for the
construction of underground infrastructure in densely
populated areas with a soft subsoil is still growing.
Because of the sensitivity of these areas to any disturb-
ance caused by tunnelling activities, there is a clear
need for reliable methods to predict the deformations
and stress changes in the soil and to determine the
forces and bending moments in the tunnel lining.

In the present design practice, for bored tunnels
often use is made of two-dimensional finite elem-
ent analyses, analytical models and relationships based
on experience in similar projects. In some cases three-
dimensional finite element analyses are carried out.
It will be clear that each of these methods has its

drawbacks. In a two-dimensional analysis, for instance
the influence of the excavation face and arching effects
related to the limited length of the zone behind the
shield in which fresh (i.e. unhardened) grout is present
cannot be included. Analytical models do not account
for heterogeneity of the soil, while empirical formulas
can only be applied successfully if enough knowl-
edge has already been gained on projects which are
indeed similar. Most three-dimensional finite elem-
ent analyses of shield tunnelling are still associated
with excessively high computational requirements,
both in terms of memory and in terms of calcula-
tion time. Moreover, with many of the commercially
available three-dimensional finite element packages,
it appears that erroneous data is quite easily entered
by geotechnical experts involved in the design of
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bored tunnels, as they are usually familiar only with
two-dimensional finite element analyses, which
involve less complicated modelling aspects.

At the Delft University of Technology, a simpli-
fied three-dimensional finite element model has been
developed by which the advancement of a shield in soft
soil can be simulated using an ordinary personal com-
puter only (Koelewijn 2001). The input requirements
of this new model correspond to the input required
for a few number of two-dimensional finite element
analyses. Procedures have been developed to enable
an automated simulation of the phased construction
of a bored tunnel. The model has been applied to a
bored tunnelling project near Rotterdam, for which
field measurements of surface settlements and bend-
ing moments and normal forces in the tunnel lining
are compared with calculated values.

2 PLANEWISE 3D FINITE ELEMENT
MODEL

From the notion that three-dimensional finite element
analyses are practically always carried out using a
brick-shaped finite element mesh with equal cross-
sections in at least one direction, it has been decided to
develop a new three-dimensional finite element model
in which this repetition of cross-sections is exploited
as much as possible in order to reduce the memory
requirements. As a result, three-dimensional prob-
lems requiring a rather large number of finite elem-
ents, like for instance shield tunnel advancement, can
be analysed using equipment commonly available in
engineering practice. Meanwhile, the calculation time
remains within acceptable limits.

In the model, a three-dimensional finite element
mesh is constructed on the basis of a limited num-
ber of cross-sections, each with the same division into
elements. Corresponding elements in different input
sections do not need to be of the same size and shape, as
shown in Figure 1.The constructed mesh typically con-
sists of a large number of blocks of finite elements with
parallel planes between these blocks. The properties
of the volume elements are attributed to the element
nodes which are all located in these parallel planes.

Because of the above restrictions regarding the
topology of the mesh, all calculation data can be
arranged in a planewise manner. Thus the stiffness

Figure 1. Example mesh with input sections, blocks with
elements and calculation planes.

matrix which needs be solved will exhibit the same
structure for each plane. In practice, the properties
of a large number of parallel planes will be equal to
each other. Now by creating and storing data of unique
planes only, a significant reduction of the calculation
requirements can be achieved in comparison with con-
ventional finite element models where all mesh data
is stored after first being created. Although it will
help to reduce the storage requirements, the material
properties of corresponding elements in different input
sections do not need to be equal to each other, nor do
the planar coordinates or the boundary conditions of
corresponding nodes need to be equal.

For the calculation itself an iterative procedure is
adopted, in which the parallel planes are solved one
after the other using a sparse direct solver at the level
of a plane. Details on the solution method and some
basic characteristics of the model regarding memory
requirements, calculation times and accuracy of the
solution are given in Koelewijn (1999).

For most practical situations, a significant reduc-
tion of the calculation time is achieved at the cost of
an error of less than one percent due to the iterative
solution method.This error can be considered as negli-
gible in comparison with the accuracy of geotechnical
parameters usually available during design.

A further reduction of the calculation time can be
achieved by adopting the iterative GMRES* scheme
(Golub &Van derVorst 1997) using the planewise iter-
ation scheme as a preconditioner. This requires some
more memory, but even then for practical calculations
the total amount of memory can be less than with exist-
ing iterative solvers, like for instance the Conjugate
Gradient method.

In the model, the well-known Mohr-Coulomb
model has been implemented to account for soil plas-
ticity. Both drained and undrained material behaviour
can be simulated. Consolidation cannot be simulated
in the model, because this requires a regular refor-
mulation of the global stiffness matrix and because
this would introduce different submatrices for ini-
tially equal parallel planes. Thus, the advantages of
this new planewise model over a conventional three-
dimensional finite element model would be lost. In
combination with the rather simple input of mesh
data, the model may easily be used by geotechnical
engineers familiar with two-dimensional finite elem-
ent analyses to quickly perform three-dimensional
calculations, especially in situations in which param-
eters required for more advanced soil models are still
lacking.

3 MODELLING OF SHIELD TUNNELLING

To facilitate the analysis of shield tunnelling, ded-
icated procedures have been developed to enable a
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more or less automated simulation of shield tunnel
advancement. Attention has been focused on the mod-
elling of tunnelling using slurry or earth pressure
balanced (EPB) shield types, which are the most
common types of machinery used for tunnelling in
soft soils below the groundwater table. For a three-
dimensional finite element analysis of shield tun-
nelling, four distinct phases may be discerned, as
indicated in Figure 2.

The first phase extends to the excavation face. The
soil ahead of the face is mainly influenced by the
loading conditions applied at this face. The support
pressure applied at the excavation face is modelled by
a horizontal pressure which increases in depth.

Behind the excavation face, the soil elements inside
the shield are deactivated. The shield itself is mod-
elled as a ring of very stiff elements (with properties
of steel) with another ring of elements representing the
concrete lining inside. The conical shape of the shield
is accounted for by application of a certain amount of
contraction to the nodes along the circumference of
the shield. This results in a loss of volume around the
shield without fixing the tunnel in space.

At the tail of the shield, where in reality grout is
injected during shield advancement, the properties of
fresh cement grout are assigned to the ring of finite
elements which represented the shield in the second
phase. The volume of grout material to be injected
is simulated using the same procedure as applied to
simulate the conical shape of the shield, although at
this location usually an expansion will be prescribed.
It has been decided to simulate the grouting pro-
cess by means of a strain-controlled procedure rather
than a stress-controlled procedure, because usually the
amount of volume to be placed in the shield tail gap is
better known than the actual pressure at the grout-soil

Figure 2. Phases in shield tunnelling.

interface during injection, especially when the tunnel
is yet to be built. Shortly after injection of the grout,
the hardening process will start. During hardening a
certain amount of shrinkage will take place. This is
again modelled by means of the procedure simulating
contraction.

After hardening, the tunnel may be considered to be
completed. The properties of the ‘grout’ elements are
replaced by those of hardened grout.

The advancement of the shield is simply mod-
elled in a discontinuous manner, by simulating the
location of the shield a number of blocks farther in
the mesh at each subsequent calculation step. Alter-
natively, shield advancement may be modelled as a
continuous process, as for instance shown by Komiya
et al. (1999). However, this requires far more com-
putational power than available on ordinary personal
computers. It therefore falls well beyond the scope of
application of the planewise three-dimensional finite
element model described here.

4 APPLICATION TO THE SECOND
HEINENOORD TUNNEL

The second tunnel under the Oude Maas river near
Rotterdam has been commissioned by the Dutch gov-
ernment as a bored tunnel in order to obtain experience
with shield tunnelling in Dutch soft soil conditions.
The tunnel actually consists of two tubes with an exter-
nal diameter of 8.3 metres and a length of about 950
metres. Boring activities started in January 1997 and
were completed in July 1998. The tunnel is situated
in strongly heterogeneous soil conditions, as shown
in Figure 3. Because of the experimental character of
this project, an extensive research program has been
set up to predict and monitor various aspects related to
the construction of this tunnel, as described by Bakker
et al. (1999).

The model has been applied to simulate the first
passage of the Northern monitoring area, for which
the soil profile and the geotechnical parameters to
be used with the Mohr-Coulomb model are given in
Table 1. Because of the permeability of each of these
soil layers, a fully drained analysis was carried out.
All input data has been taken from technical reports
prepared for the Dutch Centre for Underground Con-
struction (COB) before the construction of the tunnel
started, in order to provide a clear parameter set to be
used for all predictions. Further details are given in
Koelewijn (2001).

The finite element mesh used in the simulation is
shown in Figure 4. It consists of 100 blocks of 920
elements each, i.e. 92,000 elements in total, and covers
the full length (75 m) of the Northern monitoring area.
As the length of each ring of precast concrete lining
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Figure 3. Geotechnical profile of the Second Heinenoord Tunnel in longitudinal direction (from Van Jaarsveld et al.
(1999)).

Table 1. Soil profile and geotechnical parameters for the Northern monitoring area.

Top of layer γsat K0 G ν φ c
Layer type (m) (kN/m3) (kPa) (◦) (kPa)

Clay and sand +2.70 17.2 0.58 1440 0.34 27 3
Sand, locally clay −1.50 19.5 0.47 7400 0.30 35 0.5
Sand with clay −5.90 19.0 0.47 7100 0.31 33 0.5
Sand, locally clay −9.90 20.5 0.45 11,400 0.30 36.5 0.5
Sand, gravel −17.15 20.5 0.50 17,100 0.30 36.5 0.5
Clay, locally sand −20.75 20.0 0.55 4500 0.32 31 7
Sand −25,10 21.0 0.55 22,800 0.30 37.5 0.5
Clay, locally sand −26.60* 20.0 0.55 4500 0.32 31 7

*The bottom of this layer is at −29.20 m below the reference level.

Figure 4. Finite element mesh used to calculate the first
passage of the Northern monitoring area.

segments equals 1.50 m, each block of finite elements
covers half the length of a lining ring.

For the simulation itself first an initial stress field
has been generated by application of gravity loading
to the mesh in which the tunnel was not yet present.
After gravity loading, all horizontal stresses have been
recalculated using the values for the lateral earth pres-
sure coefficient given in Table 1, to account for the
slight overconsolidation of the soil layers. Next, shield
advancement has been simulated in 22 calculation
steps in which the shield has been advanced over 58
blocks (43.5 m). With a simulated shield length of
8.25 m and a grout hardening zone (phase III in Figure
2) of 10.5 m, the completed tunnel length at the end of
the simulation comprised 33 blocks (24.75 m).

The calculation has been performed on a per-
sonal computer with a Pentium-II processor and 236
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Figure 5. Calculated transverse settlement troughs for sev-
eral positions of the excavation face.

Figure 6. Measured transverse settlement troughs during
the first passage of the Northern monitoring area for several
positions of the excavation face.

Megabytes of internal memory available. The calcula-
tion time was within acceptable limits.

The calculated transverse settlement troughs for
several positions of the excavation face are shown in
Figure 5. In front of the shield some heave is calculated,
but above and behind the excavation face the surface
settles. At a distance of two times the outer diameter
of the tunnel behind the excavation face, the surface
settlements are nearly at their maximum value. The
measured transverse settlement troughs for compar-
able positions of the shield with respect to the line of
measurement are shown in Figure 6 (Van Jaarsveld,
1997). The measured maximum surface settlement
increased to 32 millimeters after some time. No heave
has been measured, but otherwise comparable graphs
are found. However, the values of the calculated settle-
ments are roughly four times larger than the measured
values. This is likely to be related mainly to the val-
ues of the shear modulus used in the calculations,
which is related to primary loading, whereas the use
of much higher values would have been more appro-
priate to account for unloading/reloading behaviour at
comparatively small strains.

The values of the bending moments and the tangen-
tial normal forces in the tunnel lining are much more in

Figure 7. Calculated and measured bending moments in the
tunnel lining.

Figure 8. Calculated and measured tangential normal forces
in the tunnel lining.

agreement with the measured values, as shown in Fig-
ures 7 and 8. In these figures, both the initially reported
values as given by Blom and Van Oosterhout (1997)
and the values corrected for temperature effects and
supposedly erroneous signals as submitted by Bakker
(2000) are given.

It is expected that the use of a higher shear modulus
for the soil to improve the values calculated for the
surface settlements will not have much influence on
the values calculated for the bending moments and the
normal forces in the lining, as the latter are mainly
determined by the weight of the overlaying soil and
the properties of the lining itself.

5 CONCLUSIONS

To analyse the influence of shield tunnelling on
the soil a three-dimensional analysis of the tunnel
boring process is desirable. By introducing some
restrictions regarding the geometry and the material
behaviour, a significant reduction of the computational
requirements may be achieved. This enables a three-
dimensional finite element analysis of shield tunnel
advancement using an ordinary personal computer. In
the planewise three-dimensional finite element model
described in this paper, the tunnel boring process using
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slurry or EPB shields can be modelled by a limited
number of consecutive phases.

The resulting model has been applied to the
Second Heinenoord Tunnel near Rotterdam. Although
the magnitude of the surface settlements is overesti-
mated, the shapes of the time-dependent settlement
troughs and the relative rate of increase of the settle-
ments are reasonably well calculated in the simulation.
For the bending moments and the normal forces in the
tunnel lining a reasonable agreement is found between
measured and calculated values.
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Souterrain The Hague: clogging of groundwater wells above a gel layer
during construction of an underground tram station

H.J. Luger & E.E. van der Hoek
GeoDelft, Delft, The Netherlands

A.F. van Tol
Delft University of Technology, Rotterdam Public Works, The Netherlands

ABSTRACT: An injected silicate gel-layer (soft-gel) was used to reduce water inflow into the building pit
of the Station Spui in the Souterrain in The Hague. Excessive clogging of wells which hindered dewatering is
explained by chemical processes originating from the gel-layer. Chemical and mechanical counter-measures are
considered. The final testing, design, installation and performance of a successful dewatering system by means
of gravel piles are described.

1 INTRODUCTION

The Souterrain in The Hague is divided into “tunnel-
parts”, where a cement grout-layer is provided to
restrict the inflow of water and stations, where an
injected silicate gel-layer is used for the same purpose.
Experiences with the cement grout layer are reported
in a companion paper (Kruit 2003). This paper deals
with Station Spui in the middle part of the tunnel. Sta-
tion Spui has an area of ca. 4000 m2 and a width which
varies from 15 to 25 m. Diaphragm walls go down to
28 m depth. The construction of Station Spui consists
of two diaphragm walls providing lateral support, a
covering roof and internal floors, as shown in Figure 1.
Pre-installed vertical anchors ensure stability of the
future tunnel floor.

Inflow of water into the building pit is restricted by
a silicate gel-layer, at the base of the walls. This gel-
layer had been formed by permeation grouting based
on a dilute solution of sodium-silicate and sodium-
aluminate. Dewatering was planned to take place by
means of deep filters with underwater pumps as shown
in the middle of Figure 1.

When the construction was delayed for a period of
more than two years there was concern about the dur-
ability of the gel-layer, which was not intended as a
permanent barrier. This concern was amplified when
gradually the effectivity of the deep filters declined.

In order to continue dewatering small filter tubes
with 2 inch diameter and 3 m filter length were placed
along the diaphragm wall at 6 m intervals. The filters
were situated both above (Fig. 1, left side) and below
(Fig. 1, right side) a peat layer with low permeability.

Figure 1. Cross-section of Station Spui during construction.

The small filters along the diaphragm walls proved
to be very short lived: while initial yield was good
it decreased to practically zero within days. Without
the peat layer the solution would be to dewater at the
ground surface within the tunnel. However, the low
permeability of the peat layer made it necessary to
extract the water below the peat layer.

This was due to two phenomena, which would be
caused by excess water pressures under the peat:

– instability (uplift) of the peat layer and the overlying
sand;
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– reduction of the passive resistance of the soil within
the building pit, which would lead to over-loading
of the diaphragm wall.

It was concluded that clogging of the formation soil
around the filters occurred. Because of the length of
the construction period which was still to come the
short-lived filters would be inadequate to continue and
finish the work.

2 INVESTIGATING THE CLOGGING

In order to resolve the construction problems the clog-
ging mechanism was studied. Most common clogging
mechanisms are (NOBIS 1998):

– Soil particle migration
– Precipitation of iron (or manganese) oxide
– Growth of biomass.

Mostly the clogging of wells for dewatering build-
ing pits or production of drinking water occurs because
different water qualities are mixed. Mixing of aerobic
(oxygen-rich) water and anaerobic water is known to
cause problems (KIWA 2000). The oxygen can cause
precipitation of dissolved iron and/or may induce
biomass growth. To commence and enable analysis
of the process in the tunnel a number of laboratory
tests were performed on locally retrieved ground and
groundwater samples including:

– Soil permeability tests and sieve analyses.
– Chemical analyses of ground and groundwater.
– Physical (density and viscosity) testing of the

groundwater.

The tested soil was taken from below the peat layer
between 7.0 and 13.6 m below excavation level, right in
the zone where filters experienced clogging. The per-
formed laboratory tests showed the samples to consist
of a medium fine to coarse sand. The deepest sam-
ples contained some silt. The permeability varied from
7.8 × 10−6 m/s to 1.3 × 10−5 m/s. The groundwater
retrieved from the clogged wells showed a remarkable
dark color, almost like that of black tea or cola.

The chemical composition the ground and ground-
water was comparable with normal sandy soil and
groundwater characteristics. Except that high:

– pH (8.9–10.1),
– silicon and sodium concentration and
– dissolved organic carbon (DOC) concentration

were found in the groundwater.

These high pH and high silicon and sodium con-
centrations found in the groundwater are caused by
the silicate-gel layer. The viscosity was comparable
with normal water 5.5 mPa/s (at 25◦C) and a density
of 1003 kg/m3.

The above results showed that the usual clogging
mechanisms were not present. In the sandy soil particle

migration is not expected to cause clogging in such a
short time at such a low flow rate: Clogging due to
particle migration occurs generally after a few years
of high flow in drinking water wells (KIWA 1984).
The iron concentration in the retrieved groundwater
remained high, which indicated that no iron precipita-
tion occurred. The composition, viscosity, density and
in particular the high pH level of the groundwater do
not indicate biomass growth.

Besides these common clogging mechanisms also
the influence of bentonite was investigated because
bentonite was used in the tunnel construction for the
drilling of the anchor rods and the support of the
diaphragm wall excavation.A test with methylene blue
coloring showed that no bentonite was present in the
groundwater taken from the clogged wells.

To study process of clogging further laboratory test
were performed. Comparative tests studying the devel-
opment of permeability with time were performed
with the groundwater of the clogged wells using the
soil from the construction site as well as a standard
reference sand (Baskarp sand).

The clogging could be simulated using both the
groundwater and soil from construction site in two
days of testing at a small gradient. Using the stand-
ard soil no clogging appeared and the permeability
remained 2 × 10−5 m/s. In the laboratory clogged
material some electron microscopic analyses were
performed.

Electron microscopic analyses showed that the par-
ticles were attached to each other (Fig. 2) and covered
by a coarse precipitate. EDAX analyses of the precipi-
tate show no iron, but the presence of carbon (20%),
oxygen (30–40%), sodium (8%), silicon (25–40%) and
some calcium (2–6%).

The EDAX analyses were compared with chemical
analyses of the original (unclogged) soil. The carbon

Figure 2. EM evidence of deposition between particles.
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had to originate (partly) from organic sources and
appeared only after clogging. The precipitated mater-
ial was found all over the surface of the particles and
contained silicon and carbon.

The following mechanism was proposed. The
injected gel-layer is causing a very high pH level
(above pH 13) in the surrounding ground and ground-
water. During the upward water flow through the
formation from the gel-layer to the wells the pH level
decreases due to mixing and chemical interaction with
the formation through which the water flows. This is in
particular the case near the peat layer, which has a low
pH (4–5). At high pH inorganic complexes or organic
matter is known to dissolve while at lower pH it will
precipitate again. The precipitated matter will build-
up and clogs the pores the quickest where groundwater
flow rate is the highest, i.e. just around filters.

The electron microscopic analyses indicate that
organic matter instead of inorganic complexes is the
cause of the clogging. To confirm this hypothesis
laboratory test were performed on the brown ground-
water from the clogged well. Organic matter precip-
itate when salt is added. This was observed also in
the brown groundwater adding an abundant amount of
sodium chloride. The influence of pH was tested. The
pH of well water was stepwise decreased by adding
acid. It turned out that at very low pH (values between
pH 1 and pH 2) precipitation occurred and a clear fluid
with brown deposition resulted, as shown in Figure 3.
It is known that precipitation of inorganic complexes
will occur at higher pH and therefore these inorganic
complexes are not the driving agents in the inves-
tigated clogging process. For humic acids (present
in the organic matter) it is known that these mater-
ials precipitate much slower, but that abundance (or
addition) of calcium salts increases the precipitation
rate. This behavior was indeed found after adding
calciumchloride (CaCl2).

Although in this specific case the gel-layer was old
and injected several years ago because of delay in the

Figure 3. Precipitation and solution of organic matter
depending on acidity of the well water.

construction process, it was expected that this effect
could occur and would have occurred more often in
connection with grouted silicate gel-layers.

Indeed it was found that the behaviour at Station
Spui was not unique and that two other (Schuil-
ing, Brons, pers. comm.) unpublished cases of clog-
ging above silicate gel-layers had occurred in The
Netherlands. One of these other cases was influenced
by the presence of a shell layer in which the calcium
was causing the organic material to precipitate.

3 SOLUTIONS

3.1 Chemical approach

To lower the water table in Station Spui different solu-
tions were formulated. First different options were
considered to prevent the clogging process. The clog-
ging process consists of two steps

1. the dissolution of organic matter and
2. the precipitation in or nearby the filters.

The best solutions would be to prevent the dissol-
ution of the organic matter or to remove the organic
matter. Because the underlying gel-layer should not
be affected the pH could not be lowered. Chemical
oxidation of the organic matter seemed to be difficult
because the high pH is not favorable for oxidation with
peroxide or permanganate. This was confirmed in a
laboratory test where addition of permanganate did
not show enough degradation to warrant a verification
test in the field.

Therefore, increasing the pH in the whole sand
formation was proposed, preventing and even revert-
ing precipitation of organic material near the filters.
Laboratory tests confirmed the increased permeability
of a clogged soil after injection with caustic soda. The
idea was applied in a prototype scale test infiltration
and washing with a high caustic solution. However,
results of both an in-situ prototype test and laboratory
tests showed a secondary precipitation and clogging
mechanism. This secondary process is now believed
attributed to be the dissolution and later precipita-
tion of the silica matrix, especially because very high
concentrations of caustic solution (pH 14) were used.

Another solution was to retrieve the water just above
the gel-layer where the pH was still high and no
clogging due to precipitation was expected.

However, in order to place (short filter) wells just
above the gel-layer precise information of the actual
gel-layer depth (which is uncertain since local het-
erogeneity determines the position of the gel around
each injection point) was required. Furthermore there
was concern about the influence of localized pumping,
very close to the gel-layer, on the gel-layer integrity.
Therefore this solution was not implemented, and not
even tested.
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3.2 Mechanical approach

Early in the project, already before the chemical inves-
tigations into the clogging mechanism were started, it
was recognized that the main issue was the decrease
of piezometric levels below the peat layer.

To reduce these pressures simple piercing of the peat
layer was considered. In order to investigate the possi-
bility of piercing the peat layer with gravel columns a
preliminary field test was performed with nine small
diameter (0.13 m) gravel columns.The gravel columns
were provided with a filter pipe in order to monitor
the achieved flow rate. Extra observation wells were
installed within the test field to measure the resulting
downdraw of the water level. The behavior of these
gravel columns with internal filter was very similar to
the filter pipes installed earlier along the diaphragm
walls: within days the water production dwindled to
negligible flow rates.

In hindsight this was no surprise. The gravel used
in the gravel columns was far too coarse to act as
a geometrically closed filter around the filter pipe.
While initially the gravel may have been clean of
sand the water flow will have transported sand grains
into the gravel pores, and the resulting formation
around the filter pipe was no better than the forma-
tion around the filter pipes which were not placed in
gravel columns. The decrease in permeability which
was attributed to the clogging of the sand by precipi-
tated organic material occurs then similar to the other
filters.

If clogging within the formation is a process which
develops with time and is directly related to the amount
of water which passes, the surface of the filter con-
struction will determine the potential production of a
given well.

Therefore three other filter piles were constructed
with larger filter areas. They had a diameter of 0.3 m
and extended 1.5 m below the peat layer, giving a fil-
tersurface of approx. 1.5 m2. The granular material in
these piles was much finer than the gravel used previ-
ously. The grainsize of this material ranged from 1 mm
to 2 mm, which was sufficient to ensure a geometric-
ally close filter. Above the peat layer the filter column
was closed off with a PVC liner (Fig. 4, filter type A).
This enabled a regular and accurate measurement of
the filter capacity by performing rising head tests. One
of these test piles remained intact for several months
and the decrease in filter capacity was recorded (GP1
in Fig. 5).

It was recognized that a simple (passive) gravel pile
like type A in Figure 4, but without the PVC-liner, had
a drawback in practice. During excavation the gravel
pile would intersect the excavation slope and would
destabilize the slope by the outflow of water from the
filter. In view of this, and to enable better dewater-
ing of the layer above the peat, a filter-column with
a possibility for active dewatering was designed (type

Figure 4. Different filter types.

Figure 5. Prototype filter test results.

B in Fig. 4). In order to prolong the lifetime of the
filter it was also designed to penetrate further below
the peat-layer, which doubles the filter inflow surface.

The main problem that remained was the ongoing
decrease of the filter capacity since water started flow-
ing as soon as the filter was made and the formation
clogging progressed. Especially since it could not be
guaranteed that the filters were all made just before
they had to start dewatering. Some filters had to be
made weeks before they were actually needed, and the
risk that some other delay would occur could not be
neglected.

In view of this a filter type C was designed, as
shown in Figure 4. This filter type is provided with two
internal filter tubes surrounded by a granular filter.
The zone above the peat layer is separated from the
zone below the peat layer by means of an impermeable
clay plug.The filter tube, which extends below the peat
layer, under the clay plug, can be closed off by means
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Figure 6. Depth of peat layer.

of a valve. The result of this is that when the valve is
closed no water will flow through the formation around
the filter. Therefore, until the filter is actually needed
no degradation of the filter due to clogging of the
surrounding formation will take place and maximum
capacity will be available when it is most needed.

Before implementing such a dewatering system a
prototype test was performed. Apart from three gravel
piles with PVC lining, out which one was closely moni-
tored during a long period, a total of ten type B and
type C piles were installed to monitor their perform-
ance. Out of these three type C piles, (Nr. 11D, 15D
and 17D) were most closely monitored.

The test results are depicted in Figure 5. In order
to compare the results for piles with different inflow
areas and for piles over which a varying differential
head was acting the results have been normalized.

The capacity (m3 per second) was divided by the
inflow area of the gravel pile and by the differential
head, which acted over the filter. The resulting nor-
malized capacity has then the dimension of s-1. Since
the clogging of the formation around a filter is not just
a function of time but depends on the amount of water
which has flowed through the formation it is logical
to use the total inflow (m3), normalized with respect
to the inflow area of the gravel pile (m2) as a history
parameter.

The test results of the piles show initial capacities
ranging from 25 to 52 (l/hr)/m3 and similar behav-
ior with respect to the decrease of capacity with time.
Since the installation of these first series of piles was
not without problems, (one had to drill against the
excess water pressures under the peat layer) the dif-
ference in the initial capacity was considered to be
as much due to in-situ heterogeneity as to differences
in installation procedure. On basis of this the lower
bound of the capacity curve of the test piles was taken
as achievable design capacity.

There were other important observations during the
period of prototype testing of the wells:

– the piezometric levels reacted very fast on changes
in the suction of the piles;

– large differences occurred in piezometric levels
over relatively short distances.

4 NEW DEWATERING SYSTEM

4.1 Dimensioning

The total inflow into Station Spui was recorded and
remained fairly constant at 400 m3 per day during the
period that the dewatering system was designed. The
sand formation, both above and below the peat layer
had a permeability of 1 m/day. On basis of the leakage
is the average resistance of the gel-layer was calculated
to be 40 days, which was the same as the back-
calculated resistance of the peat layer. The required
downdraw of the piezometric level varied from place
to place in Station Spui. While the requirements for the
diaphragm wall were known beforehand the require-
ments for vertical stability of the peat layer and the
overlying sand varied with the position of the peat layer
(see Fig. 6) and the locally required excavation depth.

On basis of these data separate maximum water-
pressures were determined for each of the sections
of the station. While the conservative designline of
Figure 5 was used it was considered prudent to build
the system with an full extra safety: Apart from the
so-called primary piles, placed at 1 pile per 12 m2

density, a secondary system was installed at a 1 pile
per 14 m2 density. This extra safety was deemed nec-
essary because later placement of more piles was not
feasible.

4.2 Implementation

Piles were constructed by means of wash borings using
a “lost” drillhead with nozzles and an external return
flow. No serious problems were encountered with the
drilling through the excess water pressures under the
peat layer. It was however noticed that pile drilling and
dewatering before placement of lateral struts caused
displacements, after which placement of the struts was
brought forward in the construction schedule, while
the dewatering was postponed as much as possible.

4.3 Monitoring and performance

As explained the rapid reaction of pore pressures on
loss of vacuum and the local variability of the excess
pore pressures called for a spatially dense and fre-
quent automated monitoring of the piezometric levels.

231

Copyright 2006 by Taylor & Francis Group, LLC

  

http://www.crcnetbase.com/action/showImage?doi=10.1201/9781439834268.ch33&iName=master.img-005.jpg&w=311&h=66


Figure 7. Pore pressure rise of 2.7 m in 70 minutes.

Typical margin between maintained and maximum
allowable piezometric levels was 1 to 1.5 m.

Figure 7 shows the quick reaction of pore pressures
to a loss of vacuum, where groundwater level rose at
a rate of more than 4 m per hour.

Another interesting feature is the response of the
pore pressures to the drilling of the gravel piles. Upon
penetration of the peat layer the waterpressures caused
by the drilling could be felt as far as 30 m from the
drilling location. On a daily record the number of
installed piles could easily be counted.

Often an oscillatory behavior was observed. This
was caused by a loss of vacuum, subsequent decrease
of the pumped flow with a rise of waterlevels as a
consequence, followed by a decrease in waterlevels
after a vacuum had been build up again. From these
types of measurements the insight was obtained that
in this case manual (less frequent) monitoring might
have been deceiving and dangerous and would not have
provided the understanding of the dewatering system
which was obtained now.

The performance of the dewatering system and the
gradual degradation of the wells fell within the range
that was found during the prototype filter tests. The
large squares in Figure 5 give the estimated perform-
ance of the dewatering system after 4 and 10 weeks
operation. Overall the system had a more than ade-
quate capacity: It appeared that the average resistance
of the gel-layer had remained better than estimated
and that localized weak spots caused the most water
inflow. In one of these areas also the secondary sys-
tem had to be switched on in order to achieve sufficient
dewatering.

5 CONCLUSIONS

Despite the fact that at least two similar cases had
occurred in the Netherlands the clogging mechanism
related to the release of caustic soda from a grouted
silicate gel-layer was a surprise to those involved in this
project. This emphasizes the need for recording and
dissemination of field experiences among designers
and builders.

The caustic soda release from the silicate gel-layer
leads to a high pH level in the groundwater, which in
turn may lead to solution and precipitation of organic
materials (humic acids). Precipitated solids trans-
ported by groundwater will cause clogging effects, in
particular in areas where high specific discharges are
present, i.e. around extraction filters and wells.

Prototype and lab tests with chemical countermeas-
ures involving artificial increase of the pH level in
the groundwater had unwanted side-effects, apart from
safety and water discharge considerations.

Clogging in the soil formation around the filter is a
function of the cumulative specific discharge through
the formation and can therefore be counteracted by
increasing the inflow area of the filters as long as the
dewatering system has to be operational over a limited
span of time. Filter columns with a suitable (gravel or
sand) filter layer providing a large enough filter inflow
area proved adequate for the dewatering of the build-
ing pit: The clogging mechanism was not prevented,
but could be coped with thanks to the large filter area
available.

The automated monitoring, by means of relatively
closely spaced standpipes, of the performance of the
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dewatering system was indispensable in this situation:
Water pressures could rise to critical levels within
1–2 hours (incompatible with manual logging) and did
vary over relatively short distances (5–10 metres).
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Souterrain The Hague: imperfections in jet-grout layers
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ABSTRACT: Since several years horizontal jetgrout layers, consisting of short overlapping columns are used to
ensure the vertical stability of building pits and trenches. At the Tramtunnel project in The Hague a considerable
part of the building pits had such jetgrout arch. This layer appeared to be not fully watertight. In recent years
there have been several, nearly catastrophically events with these jetgrout screens. This was one of the reasons
for Delft University of Technology and GeoDelft to start a research work on the design criteria and the reliability
of a jetgrout layer as a groundwater barrier. The safety approach that was introduced is that a covering sand layer
of a certain thickness is necessary. This paper reviews the required thickness of a covering sand layer. First a
theoretical consideration was made to analyze the stability of a sand prop in a hole. In addition experiments were
carried out to determine the governing parameters. Finally the field observations of the Tramtunnel project in
The Hague are compared with the results of the theoretical and experimental research.

1 INTRODUCTION

For some time now, horizontal jetgrout screens con-
sisting of short overlapping columns have been used
to ensure the vertical stability of building pits and
trenches. The advantage of a jetgrout screen or a jet-
grout layer is the fact that these injected bodies have
enough strength to function as a structural part of
the building pit for example as an arc. For the ver-
tical stability it is possible, at least from a structural
point of view, to locate this jetgrout screens just below
the excavation. In recent years, there have been sev-
eral, near-catastrophic events involving these jetgrout
screens, which were intended to act as a water barrier
under the building pit or trench. At the Tramtunnel
project in The Hague a considerable part of the build-
ing pits had such jetgrout arch. This layer appeared to
be not fully watertight, which was detected unfortu-
nately only during excavation when groundwater and
sand were flowing into the building pit. Nevertheless
the average permeability of these screens, determined
with pumping tests, was satisfying. To continue tunnel
construction the design of the building pit had to be
changed drastically (Kruijt et al., 2003). Similar events
have arisen in projects in Cairo, Berlin and Bilbao.

This was one of the reasons for the Delft University
ofTechnology to begin research into the design criteria

and the reliability of a jetgrout screen as a ground-
water barrier. The research focused on two aspects:
the reliability of jetgrout screens (Tol, 2001a), and the
consequences of imperfections in jetgrout screens, the
subject of this paper.

According to the actual state of the art, all injec-
tion layers show imperfections. This means that the
percolating water should be discharged in a controlled
manner using a drainage system in the soil above the
jetgrout layer, without the risk of erosion. A covering
sand layer of a certain thickness is therefore necessary.
In this research, an analytical model for the stability
of the soil in a flow channel in the jetgrout screen was
developed. In addition, analytical experiments (scale
1:5) were carried out to verify the model and to esti-
mate the governing parameters. On the basis of this
research, it is possible to determine the minimal thick-
ness of the covering sand layer and the most important
design criteria. Finally the field observations of the
Tramtunnel project in The Hague are compared with
the results of the theoretical and experimental research.

Earlier research followed also this approach,
(Bieberstein et al., 1999). In their study the governing
failure mechanism is the complete reduction of effect-
ive stress at the top of the hole and in the covering layer
due to the seepage pressure. In the present research a
more critical failure mode for the hole was found.
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2 ANALYTICAL SOLUTION

2.1 Equilibrium of the soil in the hole

It is assumed that an imperfection in the jetgrout screen
is filled with sand. A difference in pore pressure is
created across the grout layer when the construction
pit is pumped empty. This leads to groundwater flow
through the sand-filled hole. In a stationary situation,
the seepage pressure acts as a uniformly distributed
load over the height of the soil prop in the hole in the
grout layer. In a hole with a constant cross-section and
filled with uniform sand, a constant gradient across
the hole occurs.

The water pressure drop over the construction pit
consists of three areas: the area outside the pit, the
grout layer and the area inside the pit. The resistance
over the grout layer is much bigger than the ones in
the other areas as long as the hole is filled with sand
and has a small diameter. Therefore, the pressure drop
in the other areas is neglected. This is a conservative
estimate for the stress state in the hole. Calculations
with groundwater models confirm the assumption.

If the construction pit is pumped empty, a large
pressure drop is present over the grout layer. Such,
that the equilibrium of the sand in the hole may be
jeopardised. To estimate the danger of loss of stability,
a limit equilibrium calculation is performed.Along the
edge of the hole the maximum possible shear stresses
are mobilised. Figure 1 shows the stresses acting on a
soil element in the hole.

The following differential equation can be estab-
lished from the vertical equilibrium of this element:

with:

γsat – density of saturated soil
γw – density of water
A – surface area of hole cross section
O – circumference of hole cross section
K – horizontal earth pressure coefficient
σ ′

z – vertical effective stress
σz – vertical total stress
δ – friction angle between wall and soil
i – gradient across hole

Figure 1. Equilibrium of a soil element in the hole.

Equation (1) needs one boundary condition to be
solved. The purpose of this calculation is to determine
under which conditions the danger of loss of stability
is avoided. This will be formulated later. Meanwhile,
a yet unknown stress σ ′

L at z = L will be introduced.
This gives the following description of the effective

stresses over the height of the hole (also see Sellmeijer,
1999):

The expression is only meaningful, if iγw > γsat − γw.
If not, the dead weight of the sand in the hole is
heavy enough to withstand the gradient. Therefore, the
vertical effective stress consists of two positive contri-
butions. Hence, a stress on top of the hole is required
to assure stability.

The minimum required stress on top of the hole is
found substituting σ ′

L = 0. At that stage the sand has
lost cohesion at the bottom of the hole. Indicating the
stress on top of the hole by σ ′

0, it follows:

Figure 2 shows the pore pressures, the total stresses
and the effective stresses over the height of the hole.

Figure 2. Stress state in a hole without seepage and at point
of failure due to seepage.

236

Copyright 2006 by Taylor & Francis Group, LLC

  

http://www.crcnetbase.com/action/showImage?doi=10.1201/9781439834268.ch34&iName=master.img-001.jpg&w=191&h=65
http://www.crcnetbase.com/action/showImage?doi=10.1201/9781439834268.ch34&iName=master.img-002.jpg&w=191&h=65
http://www.crcnetbase.com/action/showImage?doi=10.1201/9781439834268.ch34&iName=master.img-003.jpg&w=191&h=41
http://www.crcnetbase.com/action/showImage?doi=10.1201/9781439834268.ch34&iName=master.img-004.jpg&w=191&h=155


Figure 2 shows both the stress states at the moment
of failure as well as the initial stress state, without
seepage.

2.2 Evaluation

Equation (2) describes the stress state in a hole in a jet-
grout layer. For the solution given, three aspects need
to be considered.

1. The hydraulic gradient over the hole at the point
of failure is far more than 1, so that the seepage
pressure would normally lead to liquefaction. This
does not occur because an additional vertical force
arises in the equilibrium of forces, in the form of
developed shear stresses acting at the wall of the
hole. Moving upwards, the soil prop fixes itself.
This phenomenon is similar to traditional arching
in granular materials.

2. Increasing the hydraulic gradient over the hole
reduces the effective pressure on the lower side of
the hole to nil at a certain moment.Then there is just
equilibrium in every cross-section over the height of
the hole. Further reduction of effective stress on the
lower side of the hole means that the lower section
can no longer develop shear stresses. As the max-
imum shear stress has already developed across the
remaining part of the soil column, the entire soil
column will then be forced out of the hole.

3. A condition for achieving the stress state described
is that the upper side of the hole is stable. The cov-
ering layer must exert a certain minimum effective
stress. If this is not the case, there is no reactive force
to the flow pressures on the upper soil section. The
flowing water then carries the particles away and
the hole will be worn away from the upper side. The
presence of a covering layer above the grout layer is
therefore essential. The flow pressure in the cover-
ing layer will quickly fall due to the rapidly widen-
ing flow pattern, so that the particles there are stable.

3 EXPERIMENTAL RESEARCH

3.1 Test set-up used

Two types of tests were carried out, whose aims were:
to test the developed analytical model on experimen-
tal data; to determine the two remaining unknowns,
namely: the size of the maximum shear stresses to be
developed in the hole; the maximum effective pres-
sures developed in the covering layer at failure.

In the first series of tests, only the hole in the grout
layer was modelled. In the second series, both the hole
as well as the covering layer were modelled. Separating
the failure behaviour of the hole and the covering layer
allows a controlled description of the stability of soil

in the hole, without influence from the covering layer.
The link is made, though, in the second tests series.
There was no soil under the grout in either test series.

A cylindrical tube was used for modelling the hole
in a jetgrout layer, measuring 100 mm in diameter,
550 mm in length, and made from Plexiglas lined with
sand (see Figure 3). Pore pressure devices were fixed
to the tube wall. Water can flow into the lower part of
the tube at varying pressure. Excavation and pumping
out of the construction pit in the field is modelled by
slowly increasing the pore pressure differential across
the tube.

The covering layer was not included in the first
series of tests. The presence of effective pressure on
the upper side of the hole is essential, as stated earli-
er. For this reason, a movable filter was fitted on the
upper side of the sand column, permeable for water
and impermeable for sand. Different loads could be
placed on top of this. In the second series of tests, a
larger cylinder was fitted above a similar tube, mea-
suring 600 mm in diameter, 400 mm in height, and in
which pore pressure devices could be placed at the axis
point. Both the tube (the hole in the grout layer) and
the larger cylinder were filled with sand. Pore pressure
was then increased over time, until failure occurred.

Figure 3. Test set up.
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3.2 Observed failure mechanism

In the experiments carried out, a failure mechanism
occurred which followed different phases over time.
The different phases can be described as follows:

1. Crack formation: As pressure gradually increases,
horizontal cracks form at the point where the pres-
sure first builds up. This is often above the sand
filter.

2. Fluidisation and compression: The section between
the lower side of the set-up and the upper side
of the crack becomes fluid.The sand column (above
the crack) becomes somewhat compressed from the
lower side. This increases the density of the sand
above the crack. The upper side of the sand column
has not yet been affected.

3. First shift of upper column: When the pore pres-
sure is increased at a certain moment, the entire
sand column moves upwards. The maximum move-
ment of the upper side amounts to a few millimeters.
This shift mobilizes the wall friction along the entire
height; this results in sufficient resistance to prevent
further column movement.

4. Stable situation as pressure increases further: Once
friction has developed over the entire height, the
sand column remains stable as the pore pressure
increases. In this way, the load can be increased
considerably.

5. Failure mode (1): At a certain moment, the pore
pressure is so large that the shear stress, which has
developed no longer, offers sufficient resistance to
a sand column shift. The column then slowly moves
up. This movement continues until the entire sand
column is pushed upwards. During this shift, the
sand in the lower side of the column is completely
stable. The water underneath the sand column is
perfectly bright, no particles fall back against the
flow.

6. Failure mode (2): The entire stable sand column is
forced out of the hole.

3.3 Test series

In the first test series, different sets of parameters were
tested. Table 1 gives an overview of the range of the

Table 1. Overview of tested parameters.

Lower Reference Upper
Parameters limit test limit

Top load [kN] 1 3 6
Porosity [−] 0.34 0.38–0.40 0.44
Wall friction [◦] 12.5◦ 0.8φ φ

Length [m] 0.25 0.50 0.50
Grain size sand Fine Fine Coarse

parameters that were varied. Most of the tests were
carried out with sand glued at the inner wall of the
Plexiglas tube. Some had 100% sand in these tests
while others only 80% of the inner surface, leaving
small vertical zones without sand so that the behaviour
of the sand fill in the tube could be observed.The angle
of wall roughness in these tests was supposed to be
0.8φ. A few tests were carried out with a tube without
a sand liner, with a roughness δ = 12.5◦.

3.4 Determining remaining unknowns

As stated earlier, determining the two remaining
unknowns (the maximum shear stresses in the hole
and the effective stress to be mobilised in the covering
layer at failure) was one of the reasons for performing
the experiments. As equation (2) determines the verti-
cal effective stress in the soil in the hole the unknown
parameter is K tg δ. Figure 4 gives the values of K tg δ
as a function of the porosity, found in the experiments.
It appears that there are two branches, one for medium
to loose sands with a K tg δ value between 0.4 and 0.5
and one for dense sands with a K tg δ value of 1.0–1.2.
This corresponds to an active and passive condition in
the hole at failure along a vertical wall.

The fact that the values of K tg δ at the point of
failure in those experiments with a 80% to 100% sand
liner in the tube are similar for medium and loose sand
can be explained by the compression of the sand col-
umn from underneath, before actual failure occurs. In
Figure 4 only the experiments without a sand liner in
the Plexiglas show a considerable lower value for the
friction.

The second unknown is the influence of the cov-
ering layer on the failure behaviour, or the maximum
effective stresses that the covering layer can deliver. If
this is modelled as a cone pushed upwards in this layer
the tests indicate that the apex of this cone is about 8◦.
If the maximum stress is back-calculated from friction

Figure 4. Results from the experiments, K tg δ versus the
porosity.
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along a cylinder with a diameter D, based on effective
vertical stress in the covering layer multiplied by a
Kt tg φ it appears that the horizontal earth pressure
coefficient Kr = 0.27.

4 DESIGN

4.1 Design chart

The required vertical stress σ ′
0 at the top of the hole

in a jetgrout layer is specified in (3). It is copied here.
Note that A/O is expressed as the diameter of the hole:
1/4 D.

The available vertical stress σ ′
z;r at failure, in case a

cone is pushed upwards in the covering sand layer with
thickness d is:

In this equation the seepage pressure (in the covering
layer) is neglected. The experiments confirmed this
assumption. Bieberstein (1999) and Sellmeijer (1999)
did use an approximation for the excess pore pressure
in the covering layer.

In Figure 5 both equations 4 and 5 are depicted for
an increasing hole diameter, different gradients and
thickness’ of the covering layer. Other parameters are
fixed and the design values are giving in the figure.
Figure 5 (Tol et al. 2001b) presents the required thick-
ness of a covering sand layer. The overall safety factor
η = 2 is applied to the height of the covering layer. For
the parameters design values are used: Kd tg δ = 0.32,
γsat = 18.2, and i as shown in Figure 5. The thickness
of the grout layer is equal to Ld = 1.25 and the friction

Figure 5. Required cover as function of the hole diameter.
Required thickness d of a covering sand layer as function of
gradient id .

in the covering layer is calculated with Kr tg φ equal to
0.125. It should be noted that the design method pre-
sented is valid for homogeneous soil in the hole and
the covering layer.

The required height of the covering layer can be
determined, for the used set of parameters with the
curves in Figure 5. If for example a hole diam-
eter of 0.2 m is chosen and a gradient id = 12 then
σ ′

z = 17.4 kPa and the required thickness of the cover-
ing layer d is 1.5 m (the continuous curve for id = 12
intersects the dotted curve for d = 1.5 at D = 0.2).

4.2 Conclusions

The following conclusions can be drawn:

– there is considerable resistance to failure when
there is a sufficiently large, effective pressure on
the upper side of a hole. This means that a gradient
between 10 and 15 can be resisted.

– a long hole, or a thick grout layer, without ground
coverage can only resist a hydraulic gradient of
about 1 and is therefore far less favourable than a
hole in a much thinner grout layer with some ground
coverage, even if this is quite small.

Design calculations can in principle be performed
using equation (2). Failure occurs when the effective
stress at the bottom of the hole equals nil: (σ ′

z = 0 at
z = L) giving equation (3) and the required effective
stress at the upper side of the hole (σ ′

z at z = 0), which
determines the required thickness of the covering sand
layer.All parameters are known in this equation, except
for the factor K tg δ, which was determined in the
experiments.

The available effective stress from the covering layer
can be determined using equation (4). The unknown
factor kr was also determined in the experiments.

It should be noted that the presented design method
is valid for homogeneous soil in the hole and the cover-
ing layer. Heterogeneous soil can have a negative influ-
ence on the stability. Especially a thin clay layer in the
upper part of the hole requires a thicker covering layer.

4.3 Design approach

To design a jetgrout layer as a water barrier, it is import-
ant to realise that imperfections will always occur and
that they can lead to a failure mechanism as described
in this paper. A safe design can be achieved by using a
sufficiently thick covering layer above the grout layer.
A design approach for such a jetgrout layer may be as
follows:

– using the probability model described by Tol
(2001a), the hole with the largest surface area is
defined, with a required probability of failure such
as 1 in 10,000;
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Figure 6. Cross-section of theTramtunnel with the chamber
for compressed air.

– using the model for hole stability described in this
paper the required thickness of the covering layer
for a hole with this diameter is determined;

– although the seize of the hole is determined with a
probabilistic model it is recommended to calculate
the thickness of the covering layer with design val-
ues of the parameters and to apply a safety factor to
the thickness of the covering layer.

4.4 Evaluation

Following the serious problems that occurred in March
1998, it was decided to change the working method
and, in particular, the design of the building pit with the
grout arch, in such a way that the last part of the excav-
ation is carried out under compressed air. The original
design was already based on the so-called wall-roof
method, where first the retaining walls and then the
roof are constructed.

The tunnel is excavated and constructed under the
roof. A cross-section is shown in Figure 6. According
to the redesign the compartment under the lowest floor
is constructed as a compressed air chamber. To reduce
the enormous costs of the work under compressed air,
it was decided to excavate 3.25 m under the lowest floor
at atmospheric conditions. In this situation, the stabil-
ity of the sand prop in expected holes in the grout arch
is achieved based on the above-mentioned analyses.

Before the start of excavation, a drainage system is
installed with wells close to the walls.

During the atmospheric excavation, several boils
developed that were controlled and repaired under
compressed air by additional grouting. According to
the analyses based on homogeneous soil, however,
such boils could not occur in this stage. In fact, the
soil just above and at the level of the grout arch is not
uniform. Several thin clay layers are present in the cov-
ering layer. This could explain why actual conditions
were worse then analysed. If a clay layer is present
in the covering sand layer and the drainage system is
installed above this clay layer, then excess pore pres-
sure will build up between the grout layer and the clay
layer if there are holes in the grout layer. If the hydraulic
resistance of the clay layer considerably exceeds the
resistance of the grout layer, then the excess pore pres-
sure may rise to such a level that the effective stresses
at the top of the hole in the grout layer are too small
and the sand prop in the hole looses its stability.

The conclusion regarding the stability of sand props
in a jetgrout layer is that a drainage system should be
installed as deep as possible, and at least below the
lowest silt and clay layers.
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Souterrain The Hague: scouring in case of sand boils through a
jet-grout layer

D.R. Mastbergen & W.G.M. van Kesteren
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Delft University of Technology, Rotterdam Public Works, The Netherlands

ABSTRACT: Since several years jetgrout layers, consisting of short overlapping columns are used to ensure
the stability of building pits and trenches. At the Tramtunnel project in The Hague a considerable part of the
building pits had such jetgrout arch. In recent years there have been several, nearly catastrophically events with
these jetgrout screens due to the inflow of groundwater and sand into the building trench. This paper presents a
method to assess the amount of water and sand flowing through a hole in a jetgroutlayer, the possible influenced
zone in the surrounding and the available time for countermeasures.

1 INTRODUCTION

1.1 The jet grout construction method

Since several years horizontal jetgrout layers, consist-
ing of short overlapping columns are used to ensure
the vertical stability of building pits and trenches. The
advantage of a jetgrout screen or a jetgrout-layer is the
fact that these injected bodies have enough strength
to function as a structural part of the building pit for
example as an arch [van Tol, 1991, 2001 and Brons,
1994]. For the vertical stability it is possible, at least
from a structural point of view, to locate such a grout
arch just below the excavation. At the Tramtunnel
project in The Hague over a considerable length the
building pits were provided with jetgrout arches (see
Fig. 1).

1.2 Problem definition

These grouted layers appeared to be not fully water-
tight, which was detected unfortunately only during
excavation when groundwater and sand were flow-
ing into the building pit [Tol, 2001 and Kruyt, 2003].
In recent years there have been several, nearly cata-
strophically events with jetgrout screens that were
supposed to function as a water retaining structure
under the bottom of a building pit or trench.

This was one of the reasons for project manage-
ment of the Tramtunnel and Delft Hydraulics to start
research on the possible scour under a grout layer
in case of sand boils. The question to be answered,
posed within the framework of risk control, was to
determine the consequences of sand-carrying well if

it does develop. Within this context, the consequences
of a sand-carrying well through the grout arch in the
Tramtunnel project inThe Hague were considered.The
question was how much soil is transported from under
the grout arch into the pit and over what time period.
This question is extremely relevant as the answer indi-
cates how much time is available to stop the flow, for
example by activating a drainage system or pumping
water in the construction shaft. In the case of theTram-
tunnel the building shaft was adapted after the event
of sand boils in such a way that as soon as a well is
detected the shaft is closed and compressed air pres-
sure is applied [Kruyt, 2003]. It may take 3–4 hours in
this case to apply sufficient air compression to stop the
well.The situation considered here is concerns the time

Figure 1. Construction shaft with jetgrout floorTramtunnel.
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span from moment a sand boil is actually present and
a well channel has formed, until detection and subse-
quently application of air pressure (about 3–4 hours).

2 ANALYSES OF GROUNDWATER FLOW

2.1 Maximum flow rate or discharge capacity
assessment

Given the hydraulic gradient, diameter, length and the
hydraulic roughness of the vertical well channel in the
grout arch and the sand layer, the maximum flow rate of
the well can be computed quite simply. The maximum
flow rate or discharge capacity would establish if the
water under the grout arch would be available unre-
strictedly (in analogy with the outflow from a water
tank).

Assuming the channel well as a pipe flow, in which
the available potential pressure gradient will be fully
consumed by flow acceleration and hydraulic friction,
the maximum flow rate can be computed with:

in which:
Qm = maximum flow rate well in m3/s
Rg = radius well channel in m
u0 = maximum stationary flow velocity in the well

channel in m/s
�hg = available hydraulic pressure gradient in m
ρm = sand–water mixture density, in kg/m3

ρw = water density (1000 kg/m3)
Lg = length of channel in m
f0 = Darcy-Weibach hydraulic friction coefficient

(about 0.05–0.1)

Due to the imposed increase of compressed air pres-
sure in the shaft in the case of an emergency (enabled
after about 1 hour), the hydraulic pressure gradient
reduces the maximum flow rate until the flow is finally
stopped completely (after another 3 hours).

The total volume of water flowed into the Tramtun-
nel shaft and the maximum amount of sand transported
through the well follows from integration of the max-
imum flow rate in time, given the compressed air pres-
sure emergency management scenario, knowing that a
maximum of about 30% by volume of the total flow
may consist of pure sand particles. At higher concen-
trations the sand–water mixture will show increasing
internal flow resistance.

The maximum flow rate is defined strongly
by well diameter. However, the groundwater flow
computations (next paragraph) show that the flow

rate is defined by the permeability and the well area
principally. So the assumption of unlimited water
availability is certainly NOT true, and the well diam-
eter turns out to be of no importance.

2.2 Groundwater flow and hydraulic
gradient computation

The ground water flow through the well can be com-
puted numerically or in an analytical way (as applied
here), given the geometry and the hydraulic gradient
due to the ground water level difference, present from
the moment the excavation of the construction shaft
has achieved the designed depth and the water has been
pumped away (see Fig. 2).

The water permeability of the local sand soil, a very
important parameter in this case, follows from sand
grain size distributions, but has been determined on
the site with pumping tests also (k = 1 á 5 m/day =
1 á 5 × 10−5 m/s).

The hydraulic gradient was computed analytically
with a potential flow model analysis by superposition
of point source and drain terms in an axial-symmetric
schematisation.The flow resistance in the well channel
is neglected, if this is true will depends on flow rate
and well channel diameter and will be verified later.

To obtain a constant potential at the tunnel wall (on
distance x0 resp x0 – L) a number of sources were
mirrored.

The solution for the potential flow now reads:

Figure 2. Groundwater flow to well in grout arch
Tramtunnel.
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with the source strength m:

Solving this system of equations results in a solution
for the flow rate and the hydraulic gradient as a func-
tion of the radial distance from the well (note that the
gradient is infinite at the well boundary, but the aver-
age value is defined anyway) and the finite circular
well radius Rg .

De potential flow function reads at the place of
outflow:

Assuming a homogeneous permeability distribution in
the sand soil, the ground water flow through the well
can be computed with:

in which:

Q = groundwater flow rate through the well in m3/s
k = permeability in m/s
i = averaged hydraulic gradient
A = interstice surface area through which the ground-

water enters the well, in m2

with initially: A = πR2
g .

The hydraulic gradient in the centre of the well
reads:

The average value from which the flow rate can be
computed reads half this value. The hydraulic gradient
concentrates to the boundary interstice contours of the
well just below the grout arch.

Since the main contribution to the pressure gradi-
ent occurs close to the well, in the schematisation the
permeability and the source radius Rg define the flow
rate principally.

Computations show with a radius of not more than
1 meter and a permeability of maximum about 5 m/day,
that the flow rate is limited. The total volume of water
flowing into the construction shaft in the time period
from initiation until detection of the leak and taking
effect of emergency measures (closing work space,
putting up air pressure) is very limited. The occurring
flow velocities near the well are so small that hardly
any sand particles will be moved, let alone that a scour
hole will develop.

Even in the case that groundwater flow concentrates
into erosion channels and “piping” occurs (Sellmeijer,
1988), the flow rate remains restricted and flow veloci-
ties are not able to erode the channels considerably.

3 SCOURING

3.1 The breaching mechanism

The flow rate through the well increases considerably
when the area over which the ground water enters the
well increases. Notwithstanding the fact that the flow
rate initially is too small to cause severe scour near
the well, retrogressive erosion can take place, creating
an interstice waterlayer between the grout arch and
the sand soil (see Fig. 3). The increase of this inter-
stice area, flow rate and the total volume of water and
sand flowing into the shaft in a certain time span, are
defined directly by the retrogressive erosion process
(see Figs. 6 and 7).

This important but not generally recognized ero-
sion mechanism, known as “breaching” [see van den
Berg et al., 2002], occurs in densely packed fine sand
and results in an autonomous slowly retrograding steep
slope. Due to the dilatancy properties of the sand, water
underpressures develop and the breach can remain
stable for a while.

3.2 Wall velocity

The breaching process is known from dredging related
processes, in the case of sand suction and cutting and
has been investigated at Delft Hydraulics. The ret-
rogression or “wall” velocity can be derived from
a dynamic stability analysis of the sand grains
and is defined by geotechnical properties uniquely
[Breusers, 1974 and Van Rhee en Bezuijen, 1992] and
reads, derived here with hydraulic gradient included:

Figure 3. Stage 1: creation of interstice by retrograding
small breaches.
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Figure 4. Stage 2: scour and equilibrium bed slope
establishment.

in which:

vwal = wall velocity in m/s
n0 = porosity sand layer
i = hydraulic gradient (negative in the case of out-

flowing pore water)
� = relative density sand grains in water (= 1.65)
�n = porosity increase from actual to loose condition
kl = permeability of loosely packed sand in m/s
α = breach slope angle (maximum 90◦)
ϕ = natural angle of repose of the sand (about 37◦)

In the case no groundwater flow is present i = 0 and
the maximum retrogression velocity develops for a
vertical “wall” (with α = 90◦). No more breach retro-
gression occurs for a slope gentler than the natural
equilibrium slope.

Due to a negative hydraulic gradient the equilib-
rium slope (at which vwal = 0) will decrease. For full
fluidization circumstances equilibrium slope reduces
to zero. In the case of a positive gradient (f.i. shear
dilatancy) the equilibrium slope increases. Retrogres-
sive small breaches will be active until an equilibrium
situation is established (see Figs. 6 and 8).

Initiated by the removal of at least the fine frac-
tions of the sand particles from the soil beneath the
well channel, a small initiating sand surface disturb-
ance develops, which will axially and retrogressively
propagate along the grout arch (Figs. 4 and 5). Breach-
ing is enhanced by gravity and the present hydraulic
gradient, but is NOT principally powered by an eroding
flow velocity, as is the case with f.i. piping in dykes.
This process therefore will initiate already at very low
flow velocity, far beyond the Shields threshold for sand
particle traction (as is the case with “piping”).The flow
rate in the vertical channel should only be sufficient
to allow the particles to move along and overcome fall
velocity.

So the radius of the ground water receiving area
Rg , initially equal to the channel well radius, grad-
ually increases, until finally the side walls of the

Figure 5. Stage 3: further development of scour hole.

Figure 6. Flow rate development in time.

construction shaft are reached (after about 1 hour).
Further increase will, from that moment, take place
only in linear direction along the tunnel axis.

4 CALCULATION RESULTS

In Figure 7 is indicated the computed flow rate devel-
opment in the case of the Tram Tunnel shaft, following
4 different scenario’s, based on an available pressure
difference of 9.2 m (Fig. 1) and a permeability of
5 m/day. Four different scenario’s are given:

1 groundwater flow development with constant
hydraulic gradient, achieving finally a value of
57 m3/hour;

2 groundwater flow development with decreasing
pressure difference due to applied air compression,
after 1 hour a maximum value of 48 m3/hour is
achieved, successively decreasing until after 4 hours
sufficient air pressure is achieved;

3 groundwater flow development with decreasing
pressure difference due to applied air compression
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Figure 7. Maximum volumes water and sand transported in
3 hours.

Figure 8. Equilibrium bed slope just below the grout arch
of the Tramtunnel (well in centre x0 = 7.5 m; k = 5 m/day and
L = 15 m.

and taking into account friction pressure losses in
the well channel (if sufficiently small), reducing
maximum to 30 m3/hour with a channel diameter
of 0.08 m;

4 maximum flow rate, if supply of groundwater
would be unrestricted, resulting in a maximum of
90 m3/hour for a channel diameter of 0.08 m.

The total amount of water and sand scouring, trans-
ported through the well into the Tramtunnel shaft can
be computed now from flow rate and maximum sand
concentration in the flow (about 30% sand by volume),
see Fig. 7.

The formation of small sand producing breaches
will continue until an equilibrium sand bed slope has
established everywhere, defined by the local hydraulic
gradient. The equilibrium slope can be computed,
resulting in the total volume of sand to be scoured
and the maximum sand bed lowering at the toe of the

shaft walls. If the sand bed regresses below this level
a severe risk for large subsidence and damage to the
construction will arise. Figure 8 shows the computed
sand bed for the well in the centre of the construction
shaft (0 = centre of shaft). From this computed equi-
librium sand bed, the total sand scour volume can be
determined and the final sand bed lowering beneath the
grout arch (about 1 m in the centre and about 0.75 m
at the sides near the shaft walls.

If flow velocity near the sand bed at the well is suf-
ficiently large, a scour hole near the well will develop
further, until finally an equilibrium scour depth has
been achieved, defined by flow velocity and sand
properties.

5 CONCLUSIONS AND RECOMMENDATIONS

The total volumes of water and sand flowing through
the well into the construction shaft of the Tramtunnel
are defined by the ground water flow conditions below
the arch, especially the interstice area and the sand
properties (permeability).

It seems that with a hydraulic gradient such as that
found at the Tramtunnel, the discharge capacity (max-
imum flow rate) of the hole does not form a limit, not
even for small diameter (<0.10 m).

Due to retrogressive breaching, the interstice layer
between grout arch and sand bed can develop imme-
diately and continually, enabling the ground water
flow to increase rapidly (assuming a permeability of
5 m/day). Successive scour results in an equilibrium
bed slope, defined by sand properties and hydraulic
gradient. Since flow velocities may be increased suf-
ficiently further scouring beneath the well may occur
until a final depth is achieved.

The time span from well formation to detection and
operational measures such as compressed air appli-
cation (about 3–4 hours) strongly defines the total
volume of water and sand transported through the well.
Early detection therefore is important to manage the
consequences adequately.

With a permeability of 1 m/day the resulting flow
rates are so small that scouring is negligible. The influ-
ence of this parameter therefore is strong and in-situ
measurements are recommended.
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The use of the underground space in deltaic areas
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ABSTRACT: The Netherlands is a deltaic area, pre-eminently. The geological stratification consists of typical
soft to very soft soils, particularly in the western part. The land surface is flat and the ground-water table is
high. For underground construction these conditions are not favourable. Yet, more than twenty tunnels are built,
some of them under difficult circumstances crossing large waterways, and few metro lines are built in the cities
Amsterdam and Rotterdam. The call for underground solutions to divert the growing traffic congestion and the
need for space to save the landscape, natural environment or to promote urban development becomes stronger.
The state of the art of underground construction in the Netherlands is illustrated and the national plans for the
future are unfolded in this contribution.

1 GEOLOGICAL HISTORY OF
NETHERLANDS, A TYPICAL DELTA

The Netherlands are located at the boundary of the
North Sea Basin, which is subject to subsidence. Dur-
ing the Quaternary Period the basin was filled with flu-
vial, marine and aeolian sediments. In Northwestern
Europe the Quaternary Period consists of two era’s: the
Pleistocene and the Holocene Epoch.

The Pleistocene Epoch, 2.5 million to 10 thousand
years ago, is marked by several glaciations and inter-
glaciations, with low and high mondial sea levels.
Sedimentation was caused successively by fluvial
processes and marine processes, resulting in a stratifi-
cation of alternating sand and clay layers, and locally
silty sand or sandy loam.

Aeolic deposits are found as river dunes, so-called
“donken”, consisting of medium sand, sometimes
more than 10 meter thick, meandering through the
underground, difficultly to detect.

During the Holocene Epoch, from 10 thousand
years until present, a significant temperature rise
caused a drastic sea level rise. Sea and river deposits
from that period contain a large variety of sediments.
In the western part of the Netherlands on the edge
of the North Sea Basin sea and river deposits cover
completely the Pleistocene formation; it is called the
Westland Formation (Figure 1). In the eastern part
rivers have cut a trench in the Pleistocene deposits; it is
filled with fluvial deposits, referred to as the Betuwe
formation.

Figure 1. The Westland Formation in the Netherlands.

The Westland formation consists of dune and
beach deposits, marine deposits (sandy clay, sand),
peri-marine deposits (clay, peat and sand gullies) and
organic deposits (peat).
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Figure 2. Polder land subsidence in the Netherlands.

The thickness of the Westland formation varies 5
to 15 meter. The Betuwe formation consists of flow
belt deposits (gravel and sand), bank deposits (fine
sand) and flood basin deposits (clay, and peat). In the
southwestern part, the province Zeeland, the Holoceen
formation is thin and the sand layers are relatively thick
and loosely packed.

Many large cities in the Netherlands are located
in the western part. At present 24 railway and high-
road underground tunnels and metro lines are realised
crossing rivers, canals and other main lines in the
infrastructure. For underground building the charac-
teristics of the Pleistocene and Holocene deposits are
important, i.e. the permeability of the sand layers and
the deformability of the soft layers. A particular prob-
lem is the strong variation in the Holocene formation.

2 HYDROLOGICAL AND GEOTECHNICAL
ASPECTS

The western part of the Netherlands is won from the
sea by earthen walls, later polders were reclaimed
by dewatering using windmills and dikes. As a con-
sequence the soft soil layers are shrinking, the land
surface subsides, and more effort is required to keep
the land dry. This process went on for centuries,
enhanced drastically when steam and diesel power
became available. At present most of the reclaimed
land is significantly lower than the sea level (Figure 2).
The permanent dike defence system and the entire road
and railway system are situated on soft compressible
soil, subject to settlements (consolidation and creep),
which are non-uniform due to the heterogeneous sub-
soil stratification. Almost all buildings are founded
on piles reaching the more solid Pleistocene sand
deposits. For the Rotterdam high buildings piles reach
a length of 40 meter.

Pore pressures changes in the sand layers due
to tides, artificial dewatering, river discharges, and
changes in the surface load (embankments) have
a direct effect on adjacent clay and peat layers.
Compaction is generated, which causes differential

settlements and additional negative skin friction to
existing pile foundations leading to building damage.

Therefore, two problems occur related to the geo-
logical profile, particular to underground building in
deltaic areas, to wit, leakage in sand deposits and set-
tlement/instability in the weak soil layers. A special
matter is the relatively high permeability which causes
sizable discharges, unexpected when knowledge about
the subsoil is missing. Another special matter is the
long term deformation behaviour, i.e. creep. Settle-
ments may continue for decennia, both vertically and
horizontally.

Special methods are developed to handle the time-
dependent ground water effect for dike and road
design, making use of clever measuring techniques to
determine essentially global the geohydrological and
geotechnical characteristics representative for the het-
erogeneous subsoil, and a new comprehensive method
is developed to account for consolidation and creep in
a practical manner [1].

The collection of soil data for these sedi-
ments (stratification, mechanical/chemical properties)
requires special investigation methods. In the Nether-
lands two unique field methods are developed and
applied with success for many years. One is the CPT
(Figure 3a), which is superior to SPT for soft/medium
soil. It becomes more and more popular in other parts
of the world now. The other one is the continuous
sampler (Figure 3b) developed at Delft Geotechnics, a
special boring technique which can core without dis-
turbance up to a depth of 20 meter and more. Recently,
also geo-electric methods are promising because of
the improvement in interpretation by using modern
fast computer techniques. In this manner a vast and
special experience on field investigation and interpre-
tation methods is gained in the Netherlands, which is
valuable for design and evaluation of environmental
effects of underground building.

3 CARE FOR THE ENVIRONMENT

National and provincial interests mostly dominate real-
isation plans for the infrastructure in the Netherlands,
although these plans do have an important impact on
the social situation of the local population and the
environment as well. As mobility and care for trans-
port capacity to the Dutch Mainports are issues of
national interest besides the concern of a durable, live-
able society, it is inevitable to also incorporate local
and environmental aspects in the discussions about
alternative solutions for the infrastructure.

Recently studies are performed on the arguments
and aspects which play a role in the decision process
about underground or aboveground construction of the
infrastructure. It appeared that for railroad projects
in rural areas the Figure 3. The CPT probe and the
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Figure 3. The CPT probe and the continuous sampler.

continuous sampler investment costs are far dominant.
A striking example is the recent outburst of discus-
sions about the Betuwe-line, the rail connection of the
main port Rotterdam to Germany. It also appeared that

for railroad projects in densely populated areas (within
city borders) not investment costs alone, but also envir-
onmental care, safety and possible re-use of land are
to be considered.

The four track railroad tunnel in the city of Rijswijk,
which is under construction, illustrates the fact, that
re-use of land for city planning purposes was the par-
ticular issue.The discussion on the intended four-track
passage through the city centre of Delft will probably
end up in a tunnel solution as well.

The environmental issue was much earlier pro-
nounced in the planning of highroad projects. The first
to be mentioned is the passage of A27 through an
authentic landscape of willow bush of Amelisweerd
near the city of Utrecht, some 15 years ago. As a
passage was realised as an open tunnel with special
measured against traffic noise (Figure 4). More recent
is the even deeper open tunnel passage of highroad A2
near Best and Vucht, a section of 6 kilometre realised
in 1991.

The two tables on the next page show according
to the studies of the national Dutch Working group
“Underground Traffic Infrastructure” the main argu-
ments to include the underground alternative as a
hundred percent competitive solution for urban or
rural areas. Moreover, for the decision process the
various environmental aspects are classified and their
relevance is obvious.

The choice between under or above ground solu-
tions is strongly dependent on the local situation. It is
recommended to incorporate environmental and aes-
thetic aspects during the entire project development.
A solid and well weighted decision is more than the
exclusive selection from a limited number of alterna-
tives. For an integral design the purpose should be that
solutions are given which satisfy technical and eco-
nomical requirements and fulfil the social demands.

4 SUBSURFACE USE IN THE NETHERLANDS

In the Netherlands, as in other densely populated
coastal and deltaic areas, a serious conflict is arising
between care for environment, economics and social
demands of the growing population. The government
tries to establish a balance between economic develop-
ment on one side and the creation of a durable, liveable
society on the other side. The effective use of the enor-
mous potential on subsurface space seems to inspire a
solution.

The use of the subsurface is not new for the
Netherlands. In a typical deltaic country, such as the
Netherlands, dominated by natural and artificial water-
ways the tradition is applying tunnelling methods apart
from bridges to cross these waterways. Until 1994
some 50 kilometre of highroad and railroad tunnels
were completed.
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Figure 4. A nature saving open tunnel through Amelisweerd.

The first real tunnel was the Maas-tunnel cross-
ing de Nieuwe Maas in the city of Rotterdam. Based
on the principle of immersion of prefabricated tunnel
elements as developed in the United States (the first
tunnel built by this method was the Michigan Cen-
tral railroad Tunnel in 1910) the construction of the
Maas tunnel started in 1937 and finished in 1942. Rat-
tling machine guns and flying bombs dominated most
of the construction period. Celebration was under-
standably postponed until after the War on 19 May
1945.

Except for the Velsen tunnel most of the major
highroad and railroad tunnels in the Netherlands were
constructed by the principle of immersion of tunnel
elements. Figure 6 gives an overview of all the tunnels
completed sofar in the Netherlands.

Quite different construction methods were used for
the construction of the Rotterdam and Amsterdam
subway-lines. In 1968 Princess Beatrix opened the
first subway-line from Central Station to Zuidplein
in Rotterdam. At that time it was the world short-
est metro-line with a length of 3 kilometre and only

seven stations, but the soil conditions are exceptionally
difficult.

Between 1970 and 1981 the east-west metro line
linking the suburb of Bijlmermeer to the Central Sta-
tion of Amsterdam was completed. About 20% of the
total length of 18 kilometre is built under the old inner
city. The tunnel tube was constructed by the so-called
“pneumatic caisson” method.

Enormous concrete caissons were erected on
ground level, and immersed by excavation of the sub-
soil under high pressure. The future for Amsterdam
promises a modern underground central station where
bus, train and metro meet.

In 1971 a start was made with the construction of the
east-west line on the right bank of the Nieuwe Maas.
Most of the line from Marconiplein till Kralingse
Zoom, about 8 kilometre, is situated underground. The
construction method was the so called “open trench”
or “cut-and-cover” method.

The actual tunnel construction was completed in
a temporary trench made of sheet piling and a con-
crete floor. In Figure 7, a traject from Marconiplein to
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Figure 5. The underground as an city-friendly solution.
The future central station in Amsterdam.
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Figure 6. Map of existing tunnels in the Netherlands.

Dijkzigt, it is clarified that the “open trench” method
has an immense impact on the surroundings; it actually
cuts bluntly through the city, obstructing local mobility
(traffic, shopping) seriously. At present the Rotterdam
metro-system, above and underground, is with more
than 40 kilometre and 38 stations the largest network
in the Netherlands.

Apart from an impressive amount of highroad and
railroad tunnels some 300,000 kilometre of pipelines
are completed in the Netherlands, for gas, water, sew-
erage and other transport. The pipelines connect the
port of Rotterdam, our industrial Mainport, with other
industrial areas like Antwerp, Zeeland and the western
part of Noord-Brabant. The gas fields in the north of
the Netherlands provide gas for cooking and heating to
every household through an nation-wide pipe network.

Of special interest is the 700 meter long freshwater
transport tunnel crossing the Hartel Canal near Rot-
terdam (completed 1988). This was the first major
diameter tunnel in the Netherlands built by the shield
boring method under an existing waterway.

Until now the shield-tunnelling method has not
been applied on large scale in the Netherlands. But
this is due to be changed. Two experimental tunnel
projects are in preparation, the Heinenoord traffic tun-
nel and the Botlek railroad tunnel, both will be bored
with a diameter of 8 metre with a machine as shown
in Figure 8. This will enhance experience and spe-
cific knowledge on large diameter shield-tunnelling
in extremely soft soil. Execution of both tunnels will
start in the mid of 1995.

Concerning transport the use of the subsurface in
the Netherlands will increase. The Dutch government
intends to invest 5 to 8 billion US$ for the next 15 to 20
years in the construction of new highroad and railroad
tunnels; an average investment of 350 million US$ per
annum, 10% of the total investment in infrastructure
each year.

Some other interesting facts in the Netherlands
can be mentioned concerning underground living,
recreation and storage. The School of Art in Maas-
tricht is realised completely underground, and nearly
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Figure 7. Tunnel trench through the heart of Rotterdam.
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invisible from the surface. It contains educational
facilities and a complete theatre. A similar example
is the underground Governmental Archives in Den
Bosch. The construction of the underground water
purification station Dokhaven in Rotterdam is shown

Figure 8. The head of a large tunnel boring machine.

Figure 9. The situation of Dokhaven station.

in Figure 9. Finally, some other underground structures
realised or planned in the soft Dutch subsoil are:

– Museonder, an underground museum (completed)
– Large parking palace under the Malieveld in the

Hague (completed)
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– Underground storehouse for the shopping centre in
the Hague (construction)

– Nuclear waist disposal in underground salt domes
(plan)

– Underground energy storage (plan).

5 LESSONS FROM THE PAST

Underground construction in soft soil is realised by
one of three methods, the open excavation method, the
immersion method, or the shield boring method [3].

5.1 From open excavation to cut-and-cover

The advantage of the open excavation method is that
the underground structure with its foundation is build
directly in its final position. Costs are relatively low
because no auxiliary constructions are required to
build the tunnel. For undercrossing waterways special
measures are to be taken.The method is then applicable
in successive separate excavations and if temporarily
lowering the ground-water table is possible.

In the western part of the Netherlands the water
table is just below the surface, which means that for
open excavation the water has to be lowered sig-
nificantly. The investigation of this matter is very
important. When it becomes clear that drainage will
seriously damage the environment, other construction
methods, not requiring drainage, should be considered,
using cofferdams, sheetpiling or diaphragm walls in
conjunction with underwater concrete floors.

In 1930 a combined road and railway tunnel was
planned under the North Sea Canal (salty water). This
canal was opened in 1876 and linked the harbour of
Amsterdam to the North Sea. The construction was
stopped during the war, and plans were reviewed after-
wards: only a motor vehicle tunnel was to be build, the
Velsen tunnel. It would cut through a clay layer at 16
meter depth which separated the salty and fresh ground
water regimes. Dredging a trench would disturb the
deep fresh ground water quality seriously, so an open
excavation method in parts sealed off by a cofferdam,
allowing ship passage through the canal, was chosen.
The excavation reached 25 meter below surface and a

Figure 10. Water drainage system for the Velzer tunnel excavation.

double dewatering system was installed (Figure 10).
The tunnel was opened in 1957.

The geological profile shows thick permeable sandy
and silty sandy layers separated by a clay layer. A well
test in 1937 provided the geo-hydrological characteris-
tics.The first excavation in 1941–1942 showed that the
deep drainage caused more siltation and water pressure
drop at a larger distance than foreseen, but the dras-
tic drawdown in the top layer causing large damage
was totally unforseen. Unfortunately, 1953 became a
unique dry summer. Finally, the drainage caused more
than 100 claims for siltation, grass field and flower
desiccation, building damage (up to 30 cm settlement)
and 150 trees died from siltation. This experience gave
rise to reconsider the construction method.

Because of adverse environmental effects the open
excavation method is hardly applicable any more in the
Netherlands. A suitable method avoiding temporarily
lowering the water table is the open-trench method or
the cut-and-cover method, examples of which are given
in the previous chapter.

5.2 The immersion method

The principle of the immersion method is based on
construction of individual tunnel elements at separate
locations (dock). The elements are then transported
and immersed in a trench dredged in the waterway
which is to be crossed.

As described in chapter 4, the method was applied
in the Netherlands for the first traffic tunnel, the
Maas tunnel in Rotterdam, which was opened in 1942.
Because of the success and the enormous technical
and financial advantages, this method became very
popular for large tunnel projects under waterways.

Even though the immersion method does not
require an open excavation, a drained construction
dock is needed. The drainage system for the construc-
tion dock for the Vlake tunnel project, completed in
1975, in the province Zeeland (Figure 11), caused
an unexpected large environmental effect due to the
strong inhomogeneity of the geological stratification.
Claims for agricultural and building damage reached
3 million US$, being 12% of the total project cost.
A positive point is that new techniques for improving
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Figure 11a. Environmental damage, settlements; Vlake tunnel project.

Figure 11b. Environmental damage, desiccation; Vlake tunnel project.

concrete strength (cooling system) and for the foun-
dation (sand flow method) were applied with great
success.

In the same period, the drainage system for the con-
struction of an aqueduct under the Princes Margriet
Canal near Sneek in province Friesland, which passes
through a semi-confined three-aquifer system (Fig-
ure 12), caused even 5 million US$ of damage and
repair cost for building and agriculture. The original

prognosis for the drainage system, 32 wells and
1880 m3/hr, had to be increased to 48 wells and
2400 m3/hr. Settlements caused an additional damage
of 0,3 million US$ to gas and water pipes.

As to avoid this experience a watertight sheet was
applied for another aqueduct, the Grouw tunnel, under
the same canal, completed in 1992. During installation
erosion and sand migration under the sheet caused tear
and repair took an extra year and an extra 5 million
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Figure 12. The Margriet tunnel in operation.

Figure 13. Cross-section and design; Willemspoortunnel
project.

US$.Thus, working with a water-tight sheet is possible
but requires very careful operation.

A recent example of special protection against the
effects of drainage is the Willem Railroad Tunnel in
Rotterdam, which runs through the city centre closely
along existing buildings, one of which is the monu-
mental St. Laurens Church, build in 16th century and
founded on wooden piles. For that section not only a
return drainage was implemented, but also the sheet
piling of the excavation were prolonged by bentonite
diaphragm walls to a deeper clay formation and the
construction pit bottom was sealed off by a chemical
injection (Figure 13). In this manner the local water-
table lowering caused by the dewatering system was
reduced significantly. No damage occurred.The tunnel
is since 1992 in operation.

In another occasion grouted anchored sheetpiling
was used to conduct the waterway during construction
of the Gouwe aqueduct (Figure 14). Although calcu-
lated and designed with the best means and experience,
the anchors broke. The development of horizontal soil
stresses (creep) in soft soil is a matter that needs more
investigation.

In conclusion, in the deltaic area in the Nether-
lands the environmental effect caused by dewatering
systems for open excavations are sometimes under-
estimated due to insufficient investigation of the
geo-hydrological situation. The geological inhomo-
geneity and non-uniformity should be better assessed,
and the method of pumping tests require a longer
duration to determine the proper characteristics. It
deserves to improve these investigations, since alter-
native methods, which do not require drainage are
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Figure 14. Sheet piling anchor failure at the Gouwe aqueduct project.

expensive, and, last but not least, unexpected damage
during construction is even more expensive.

5.3 The shield boring method

The shield boring method uses special boring equip-
ment to build a tunnel underground. The application
depends on the geological composition of the subsoil.
For conditions like those in the Netherlands the slurry
or mixed shield method and the earth pressure balance
shield method can be considered.

The slurry shield method uses a bentonite suspen-
sion under pressure in the compression chamber of the
drilling system. In clayey soils the bentonite is partly
replaced by the available clay. This type of boring is
reliable and suitable for dutch conditions. However,
because of environmental conditions the bentonite
must be separated from the excavated soil afterwards
and removed.

The earth pressure balance shield method uses
pressure on the front face. The pressure should be
in balance with the mechanical equilibrium, while
removing soil. If the pressure is too large the drill
moves out of line, too much soil removed leads to
subsidence.

Abroad (Japan, USA, Germany) the tunnel bor-
ing in soft soils is applied for some time. Only
recently the method was applied in the Netherlands:
the Hartel Canal water transport tunnel, diameter 1.870
meter length 684 meter, completed in 1988, and the
Zuidwillemsvaart Syphon, two tubes of 115 meter
length and 2.5 meter diameter, completed in 1990.
A mixing shield and earth pressure balance shield
method were applied, respectively.

For small diameter tunnels more experience is
gained in the Netherlands. Horizontal boring and
directional drilling, using pneumatic systems, is a
known practice for gas and water pipes under dikes,
waterways and roads. Also in this case great care with
the geo-hydrological situation is required.

In 1993 horizontal boring under the highroad A12
and the railway near Zoetermeer showed two problems.
One concerns the start of the drilling, which may
deviate as soon as the heavy drill leaves the start con-
struction pit due to low bearing capacity and creep of
the subsoil. It is not easy to correct afterwards. The
other problem occurred when a short period too much
soil was removed compared to the shield advancement
and a significant subsidence (15 cm) took place. The
advices: the drilling equipment should be improved by
the installation of a back-pressure sensor to the excav-
ated soil directly behind the compression chamber.

Another unlucky experience the same year took
place during horizontal boring for a gas pipe under the
Wildevanck Canal in the province Drenthe, a diame-
ter of 1.5 meter over a length of 150 meter, through a
fine loosely packed sand layer, maximum cover under
the canal 2.3 meter. The boring under the canal was
almost completed when suddenly the first dike failed.
The entire area inundated rapidly, and the work and
equipment was seriously damaged (Figure 15). The
probable reason is the development of a sand migrating
pipe directly under the dike, made possible by slightly
over-excavation (earth balance shield method). The
canal level being 2.6 meter above surface caused this
erosion mechanism that in due time resulted in dike
failure and complete liquefaction of the sand layer
under the canal.
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Figure 15. Inundation after dike collapse during underboring operation.

Building tunnels in open construction pits in
densely populated urban areas with intensive eco-
nomic activity and mobility, is more and more regarded
as extremely annoying and inconvenient. Often during
construction roads must be diverted and existing
underground lines relayed. Traffic jams and long

periods of access restrictions to shops cause finan-
cial suffer. Also the environmental impact, social
acceptance, noise hindrance, and aesthetic values
become more and more a serious condition for
the construction methods. The shield tunnel tech-
niques have advantages, technical problems can be
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Figure 16. The V-polder concept and the U-polder concept.
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Table 1. A research program for underground construction.

Part of the program Project Target

I BORING IN VERY SOFT SOILS 1 Practical research tunnel * Knowledge about boring process, risks and
boring methods validation of existing instruments

To gain experience and knowledge 2 Environmental aspects * Knowledge on ground separation and use of
on shield-tunnelling in typical of boring bentonite
Dutch soft soils; to gain insight
in the risks of boring

II RECONNAISSANCE, 1 Shallow detection * Detection up to about 2 meter deep to detect
PREDICTION AND MONITORING cables and small pile-lines
Development of reliable 2 Deep detection * 3D-detection down to 50 meter to observe
reconnaissance, prediction and obstacles and to investigate the soil stratification
monitoring instruments for and composition
tunnel construction in soft soils, 3 Monitoring the front of * Development of a front-monitoring systems
in order to reduce risks the boring process

4 Vibrations * Prediction of vibrations; determination of
vibration criteria

5 Numerical simulation * Development of prediction models for the
models for underground (environmental) impact of boring; development
construction of prediction models for the soil-structure

interaction

III ECONOMIC TUNNEL 1 Boring tunnels and * Knowledge on dig and ground mixing
CONSTRUCTION pile-lines techniques
Optimization and renewing of 2 New boring * Research towards new boring techniques for
tunnel construction techniques for technology soft soils
soft soils in order to reduce costs 3 Industrial trench * Research for optimal trench-techniques and

building cut and cover techniques for soft soil
4 Robotizing tunnel * Research for possibilities of automation and

construction robotizing of construction, management
and maintenance of tunnels

5 Soil improvement * Optimization and improvement of ground
techniques improvement technique for Dutch soils

IV CONSTRUCTION, MANAGEMENT 1 Safety of tunnels * Improving insight in the risks of calamities
AND MAINTENANCE during calamities in tunnels (explosion and fire)

* optimization of tunnel construction in relation
to calamities

* Definition of norms and risk levels
Achieving the optimum results for 2 Safety and risks of * Improving insight in the risks of use of tunnels
the user, the manager and the tunnels for the users * Optimization of tunnel construction in
surroundings Development of reliable relation to calamities
reconnaissance, prediction and * Definition of norms and risk levels
monitoring instruments for tunnel 3 Integral design and * Integral tuning of the process of design,
construction in soft soils, integral selection construction, use, management and
in order to reduce risks prodecures maintenance

* Optimum selection of the underground
infrastructure with regard to the user,
the manager, the surrounding and
economic analyses

4 Management and * Uniform management, maintenance and
maintenance monitoring system for tunnels

5 Reliability * Definition of a coherent set of design rules
and reliability demands for tunnels

6 Planning and * Development of models, guide lines and norms
environment for spatial quality (value of use, aesthetic value),

for social environmental aspects (visual hindrance,
city development, building noise), for landscape
and ecology, for air quality (long tunnels, norms,
ventilation system, cleaning systems), for noise,
for ground and ground water (disturbing soil
stratification, use of bentonite), for social aspects
of use and labour conditions (transport
toxic materials), and for the durableness
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surmounted, and the tunnel boring method will even-
tually become a competitive alternative to open exca-
vation and immersion methods in the soft Dutch soils.

6 RESEARCH FOR THE FUTURE

The essential question is which research will indeed
contribute to promote underground construction in
those situations where it is best. Costs of underground
solutions are relatively high, existing methods do not
always comply with the demands, and the applicabil-
ity for typical soft soil conditions is yet more risky,
particularly for tunnel boring methods.

Under supervision of the Dutch national working
group “Underground Traffic Infrastructure” over 100
specialists from governmental institutes and private
companies investigated in 1992 and 1993 the pro’s and
contra’s to above, on, in and underground construction
of road and railway connections in the Netherlands
[2]. Missing knowledge was listed and translated into
a comprehensive research programme.

All aspects which may play a role were systemat-
ically considered according to typical project phases:
initiative phase, definition phase, design phase, con-
struction phase, and exploitation phase.

For every aspect possible problems were evaluated
and compiled into problem clusters.The information is
collected in a database together with additional data on
costs, time, priority and spin-off. In this manner prob-
lem clusters and their coherence could be assessed.
The most urgent problem clusters were indicated and
relevant research proposals could be defined.

The knowledge infrastructure was evaluated with
regard to the existing experience, the availability of
specific knowledge (whether operational or not), and
the interest for the individual element of the know-
ledge infrastructure. These elements comprise: gov-
ernmental institutes and authorities, (private) research
institutes, universities, engineering and consulting
companies, contractors and manufacturers, research
coordinating bureaus and professional organisations.

The complex working field of underground con-
struction, is typically multi-disciplinary.The following
disciplines relevant to realising the underground traffic
infrastructure are recognised: civil, mining, mechan-
ical, electro-technical, mathematical and chemical
engineering, but also economy, laws, planning, and
social, cultural and environmental sciences.

Using the collected information and considering the
benefits of each research proposal a kind of ranking
priority was settled by engineering judgement from
various points of view (disciplines), mainly focusing
on the decrease of risks in design, finance, execution
and exploitation, on optimising the construction con-
cepts, on the decision process for the trace, and on
the development of new technologies for monitoring
during and after construction.

For the research proposals various disciplines have
to work together. Most of the required knowledge is
available, but in fragments in the various elements
of the knowledge infrastructure. A solid coordinat-
ing institution is necessary to interrelate the available
knowledge and the different disciplines. This can be
achieved in a national centre for underground science,
which exist in several countries. In the Netherlands
this centre can be connected to an existing research
centre, which has a well developed network and a good
experience for multi-disciplinary and private-public
financed research.

A special chair “underground technology” at the
Technical University of Delft is suggested to promote
the third dimension in civil engineering and to realise
a multi-disciplinary approach involving the various
faculties.

There is a need for space for the validation of new
techniques. A strong argument is made for so-called
“experimental facilities”, which provide an oppor-
tunity to develop new knowledge and to test new ideas.
The experimental facilities are laboratory facilities in
technical institutes and universities and, more impor-
tant, facilities during the execution of large tunnel
projects at different locations. In such situations one is
able to try out various techniques in a realistic set up.

The research proposals which are of highest impor-
tance are compiled and clustered in a “research pro-
gramme for the future”, shown in the table on the next
pages.A frame for cooperation between different insti-
tutes is suggested and the required budget is estimated.
At the moment the Dutch Cabinet has assigned US$
20 million for enforcing the knowledge infrastructure
for underground construction, the industry is willing
to contribute with another US$ 10 million in the com-
ing five year, and the Ministry of Traffic has chosen
two pilot projects: a slow traffic tunnel and a railway
tunnel, for both a boring method will be applied in soft
soil stratification (clay, peat and sand).

At present also two alternative trench building con-
cepts are tried out: the V-polder concept and the
U-polder concept (Figure 16). The V-polder is a
drained area (“polder”) between two sheet piles in a V
formation; the U-polder applies a impermeable sheet
in a U-form. If all works well, the state of the art on
underground construction and on soft soil tunnelling
in particular may proceed a significant step forward in
the near future in the Netherlands.
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Unseen features jeopardise underground construction

F.B.J. Barends
Delft Geotechnics, Delft, The Netherlands, Technical University Delft, CiTG CT,
Geotechniek, Delft, The Netherlands

SUMMARY: For underground construction the soft and wet soil conditions in The Netherlands are not
favourable. Yet, more than twenty tunnels are built, under difficult circumstances. The soil-structure interface
and the local soil stratification gave sometimes rise to sudden unforeseen uncontrollable progressive erosion.
A trace back to the cause elucidates possibilities to detect such risks in time. Existing tools and facilities are
evaluated for their use in such circumstances. Some new ideas and lessons from the past are outlined. It pays off
to enlarging our knowledge. Fortunately, the research programes COB-2 will give ample opportunity.

Keywords: Underground, Soil structure interaction, Failure, Detection, Prediction, Experience, Tunnel

1 INTRODUCTION

Not more then three decennia ago engineering in the
building sector was based on safety, uncertainties were
covered by wide safety margins (practical intuition,
based on historical events). Since then our know-
ledge about material behaviour grew, and at present
the incorporation of uncertainties (risks) are not any-
more taboo. They are to be considered in the context of
the probability of extreme events and of life cycle.This
called for an integral approach, for multi-disciplinary
co-operation and functional analysis.

Risk engineering is such a modern approach that fits
in the so-called design and built contracts which are
becoming the fashion for large infrastructure projects.
Which risks may occur? What is their value (conse-
quence*probability)? And who is the ‘owner’ (risk
sharing)? Since in the process of construction (and
use) not all assumptions are sure, it is economic and
safe to minimise negative effects, to buy them off, or
accept them. In this respect the engineer should be
able to quantify risks. What do we know? What are
our facilities? Particularly in new fields, outside our
common experience, unforeseen events are likely to
occur. Such a field is the underground construction in
soft low lands, the western part of the Netherlands.

The underground is, by nature, a source of uncer-
tainty. How much we do know about the stratification,
about the intrinsic properties with respect to mechan-
ical and chemical behaviour, and about the in-situ
state with regard to stresses and residual strength.
The importance of these uncertainties is underscored
by the fact that 40% of structural damage is due
to malfunctioning of the foundation and/or the soil;

the annual investments in building in the Netherlands
reach beyond 85,000 million guilders. Projects may
show an uncertainty of the order of 10%: for large
infrastructural projects the risk is even higher, up
to 15% of the total cost. If 3% is related features
that can be prevented by additional investigation and
research, then it is worthwhile to invest (a part of)
40%*0.03*85,000 = 1,025 million guilders in risk
prevention in the building sector related to soils. But
only if we can prove to be successful. How good
are we?

Prediction and detection techniques are the tools
for a risk assessment; these tools must be adapted
and improved for that purpose. Risk assessment quan-
tifies jeopardising events, which may arise during
construction and use of underground structures. It
allows optimisation in design, construction and main-
tenance. We can also learn from good cases, even more
from bad cases, and from pilot projects where specific
effort is put into observation and understanding of the
processes and mechanisms involved. In this paper we
will focus on the borders of our capability in predicting
and preventing (un)foreseen risks, on lessons to learn
and opportunities to take.

2 WHAT ARE OUR CAPABILITY BORDERS?

2.1 Detection

Our knowledge and experience of soil behaviour is
based on detection, prediction, validation and, non
the least, failures (malfunctioning). It is essential to
know before hand as accurate as required the soil
stratification, the existing underground infrastructure
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Table 1. Possibilities of NAT (non-destructive detection technique).

Depth Piles Stone Peat Clay Loam Silt Gravel Gas Sand
Type NDT hole boulder lence lence lence lence bed pocket type

From surface or borehole vertical
CPT + coring N-F +? +!? +? +? +? +? +! +? +
Seismic M-F ? ? ? ? ? ? +? +? ?
Electro-magnetic N-M − − +? − − ? ? − −
Ground radar N +? +? − − − − − ? −
Geoelectric M-F − − + +? ? +? ? +? ?

Out from TBM horizontal
CPT + geoelectric N-F +? +!? +? +? +? +? +! +? +
CPT (+ coring) N-F + +!? +? +? +? +? +! ? +
Ground radar N ? ? − − − − + ? ?
Seismic M-F ? ? − ? ? ? + − ?

N: near 1–5 m, M: medium 5–20 m, F: far, more than 20 m, ?: probability, +: applicable, −: inapplicable, !: damage

(cables, pipelines, and their purpose), existing founda-
tions (type and condition). Furthermore, the essential
mechanical properties (stiffness and strength), the
state of stress in relation to the design and execu-
tion, obstacles (boulders, gravel lenses, dumped litter,
gas pockets), and particular places where leakage,
liquefaction, blowouts, slope failure, etc. may occur.

A category of depth of the soil in western
Netherlands with respect to detection techniques for
the building sector is:

– Shallow (Near): less than 5 meter
– Deep (Medium): from 5–20 meter
– Very deep (Far): more than 20 meter

The common approach is the bore hole method.
In the Netherlands CPT was applied already decen-
nia ago; it became popular abroad. It provides point
data. The interpolation/extrapolation between sound-
ings is a subjective matter. It fits in a risk assessment
approach. It is, however, common to reduce sounding
activities drastically (saving cost) and lean on expert-
ise and experience (also subjective). One easily misses
local differentiation, which sometimes appears to be
essential. Recent innovation in the CPT technique is
more related to bio-chemical aspects.

The non-destructive technique by wave energy
reflection from the surface or in boreholes is the
other way. In recent years great progress has been
achieved with microwaves (ground radar) and elasto-
dynamic waves (seismic waves). The high-energy
electro-magnetic waves with the radar technique
(di-electric soil resistance) cannot be used in clay,
brackish and salty zones. The damping is crucial. For
the seismic technique the surface wave (and interface
waves) is a disturbing phenomenon in the shallow (and
sometimes the deep) zone. The resolution (the small-
est size to detect) is about 25% of the wavelength.
Long waves penetrate deeper, but detect less. Small

waves, with higher frequencies show stronger damp-
ing.A detection technique that provides us with proper
information about the state (stress, strength) is not
available. Much improvement and innovation is yet to
be done (see Table 1).

2.2 Prediction

The risk assessment requires facilities suitable to quan-
tify expected behaviour; in other words simulation by
numerical models and physical scale models. Physical
scale models are important to recognise mechanisms
and phenomena, but the extrapolation to the site, in
fact the quantification, is limited because of scal-
ing effects. Furthermore, the model cannot obtain the
exact state, since we do not know it, and the non-linear
soil behaviour cannot precisely be simulated. The geo-
centrifuge technique can meet the non-linear aspect to
some extent (absolute stress dependence) and it can
handle complicated situations, i.e. 3-dimensions and
soil-structure interaction (Figure 1). The size of the
model is limited, and the material used is prepared
(artificial). Much knowledge about the applicability
of this facility is obtained the last 20 years.

Numerical models, which show a great improve-
ment due to the seemingly unlimited computer power,
have their specific limitations as well. The most
essential one is the mathematical description of soil
behaviour; be aware, it is a fancy! Only selected
processes are modelled in an approximate manner
(small strains, undrained or drained), and then only
the moment of malfunctioning can be simulated, not
the failure itself (consequence). The controlling para-
meters are to be obtained from detection, and most
of them cannot be obtained directly. Modelling soil
anisotropy, stratification variability, soil-construction
interaction, and the sequence of different phenom-
ena (bifurcation, liquefaction) is practically almost
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Figure 1. Geocentrifuge facility.

impossible. Moreover, three-dimension modelling has
still its limitation.

2.3 Experience

Lessons learned from failures in the past are the hard
way. Since optimisation is continuously asked in grad-
ually more complicated situations, more failures will
occur, if we do not anticipate and update our know-
ledge permanently. This is especially true for the soil
aspect. In the field of geotechnics our knowledge and
facilities are far from complete. In contradiction to
concrete and steel construction the soil is a given
fact; we do not make a particular soil, such as high
quality steel or concrete prefabricated elements of
well-controlled quality. Massive soil mixing (cement
mixing) is rarely applied in the Netherlands because
of the costs. Whether the quality can reach the one in
use for concrete is a matter of investigation.

Underground works disappear from the sight, while
aesthetic structures rise on top, in full sight. Decay is
noticed and restored. What happens underground is
unseen. Therefore, the underground works should be
solid, less vulnerable to decay or malfunctioning, risks
cannot be tolerated.

Our experience in foundation engineering and soil
construction works is for a large part empirical. We
did learn from mistakes, but when a failure happens,
details usually vanish in the chaos that remains. More-
over, nobody likes to be rhetoric on his failure! When

Figure 2. The PisaTower, plastic zones after putting counter
weight.

a situation is critical, the correct counter measures are
difficult to find. A typical example in this respect is
theTower of Pisa (Figure 2), where already 14 commit-
tees of experts have tried to put it right. The last news
is, the rescue operation will start in late 1998, pro-
vided the Italian government can decide on the budget
allocation.

In the Dutch situation, soft soils with high water
table, a frequently returning cause is loss of stability
due to the interaction of ground water, either along
structure-soil interfaces or at places of loosely packed
sand. Another typical cause is loss of stiffness in soft
clay and peat; if the surcharge is high continuous
slow plastic behaviour and large settlements are trig-
gered which may take years. A typical example is the
dike at Langerak in the Alblasserwaard. Maintenance
becomes a burden. That is why the HSL (high-speed
railroad) will be founded on piles reaching the stiff
Pleistocene sands.

In the national research programme (COB-2) paral-
lel pilot projects are foreseen in the execution of large
infrastructure projects. They will give a firm step for-
wards in the validation of our expertise and experience
(Heinenoord tunnel).
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2.4 Conclusion

Detection techniques are promising, but several essen-
tial soil parameters at a site cannot be measured
directly. The resolution of NDT is yet limited (see
Table 1). There is ample opportunity for innovation.

Prediction techniques are promising, but they are
not complete; numerical and physical scale mod-
elling may show more impetus when used mutually
complementary.

Our experience is yet mostly empirical. Valid-
ation by pilot projects becomes possible (COB-2).
Proper expert information in the ICT-environment will
become soon a commodity (ICT = information and
communication technology). But we should temper
our expectations; comprehension and association can-
not be digitised. ICT is an expert support; it will not
replace expertise.

A new approach is risk assessment, which uses the
available deterministic tools and the detected parame-
ters, but more information is required: the variability
of the geology (heterogeneity), the variance in param-
eters, the stochastics of the loading and the uncertainty
of models. The outcome is then a margin of the pos-
sible result and, what is important, also the partial
contribution of each of the specific uncertainties. The
outcome, therefore, gives automatically the priority for
improvement.

Our effort should focus on detection methods and
simulation methods according to probabilistic tech-
niques. The approach is really different, since all
significant failure modes, essential stochastic features
and their correlation’s should be included, as well as
the required margin (safety), which is based on the cus-
tomer’s wishes or the nation’s safety demands. This is
the way to optimising profoundly. It gives the direction
to where we should extend our borders.

3 LESSONS LEARNED AND NEW IDEAS

3.1 General view

A comprehensive review of the Dutch history in sub-
surface construction (tunnels, pipelines, underground
public facilities) and in the various methods and their
shortcomings is presented in the symposium held on
the occasion of the 20-years jubilee of the Ingeokring
of the Royal Geological and Mining Society of the
Netherlands, 3 June 1994 in Delft (Barendse &
Leendertse, 1994).

Since that time the Heinenoord traffic tunnel (a
pilot project) has been completed, successfully con-
structed with TBM (8 m diameter slurry-shield). The
metro extension in Amsterdam (Noord-Zuid lijn) is
under construction and in The Hague the underground
shopping-metro area in the centre approaches its com-
pletion. Tunnel pilot projects for the HSL and the

Betuwe railroad, and a tunnel under the Westerschelde
are being prepared.

1998 is the final year of a five-year national research
program (COB-1) in which many parties, involved
in the field of tunnelling and underground construc-
tion, participated (a budget of 70 million guilders
for 30%–50% subsidised by the government). Many
aspects have been studied. The knowledge is collected
in a large number of reports, which cover logistics,
environment, safety, mechanics, detection, prediction,
testing, etc. At present a new research agenda is being
prepared for the following five years (COB-2).

3.2 Recent events

During the first passage of the TBM under the river
Maas a sudden blowout occurred in the Heinenoord
project, which forced a delay of several weeks. The
probable cause is a geological imperfection in the top
layer formation due to the removal of one or more
anchor piles, which were used for the construction
(immersion method) of the existing highroad tunnel
several years ago. This weak spot (filled with sand?)
caused a drastic shield pressure drop and drilling
stopped. Peat gas pockets could have caused similar
problems. How to detect such spots in time, remains
an important question.

In the underground project in The Hague a sud-
den failure of the drainage system caused delay and
damage. At a certain location leakage was increasing
drastically, but it was not noticed in time. A large cen-
tral drainage system was designed with sufficient extra
capacity, even the excess local water leakage. The spot
itself collapsed and the drainage ran out of hand. The
tunnel section had to be inundated in order to make
repair possible.

3.3 Challenging problems

Problems in the tunnel-boring sections in the Amster-
dam metro-project are related to negative influence
on existing pile foundations. The local stress state
may be affected such that the structures on top will
be damaged. In the Heinenoord experimental tun-
nel project a test pile field was placed and investi-
gated for this purpose. Also predictions have been
performed with numerical and physical models (geo-
centrifuge, Figure 1), which showed the sensitivity of
bearing capacity in relation to an at certain distance
passing TBM.

This stress/deformation influence is a complicated
problem. It is typically three-dimensional. Moreover,
the influence of water/consolidation is not to under-
estimate. Measurements at the Heinenoord project
have revealed that before the shield significant pore
pressure increments occurs. If this is not accom-
paigned by a similar total stress increase, which is
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obviously not the situation in all directions, effec-
tive stresses may decrease and soil strength (shear
resistance) may become insufficient causing unwanted
deformations or even local failure. How to control
these phenomena out from the TBM?

3.4 A scouting eye

Pilot borings for large diameter tunnels and horizontal
directional drilling can be realised by the use of a hori-
zontal borehole datalogger (‘tracker’). The concept
was elaborated within the COB-research programme.
A test for a span of 100 m at 8 m depth was promising.

A cone can be instrumented with sophisticated
facilities to scan the area, horizontally out from the tun-
nel front, before the shield (‘prick nose’).This has been
recently applied for a 2.5 m diameter jacketed tunnel.
The trial was so successful that more measurements,
particularly at locations of uncertain geological strati-
fication, were executed. In ten tests into the sand layer
a rare claybody (old water pit?) and a PVC-pipeline
were found. The results are still to be worked out (Van
Deen, 1998).

3.5 TBM as a source

Another idea is proposed: to use the TBM as a seismic
source and to use surface detectors in a sophisti-
cated way. This has been applied for the Heinenoord
TBM within the COB-research program. Results are
promising (Fokkema, 1998).

3.6 Physical models

In the frame of the collective research program COB
the geocentrifuge at Delft Geotechnics has been
applied for various predictions. The special equipment
for a specific centrifuge test is usually an important
part of the budget. A set of auxiliary equipment, spe-
cific for tunnelling (mini-TBM, with special devices),
has been collected and developed to save cost for new
tests.

3.7 Numerical modelling

The performance of advanced numerical models is
promising.Various calculations have been worked out,
prediction as well as postdiction. A co-operation with
a Japanese consultant (GRI/Osaka-GD/Delft) for tun-
nels is settled, in particular the support with advanced
numerical simulations (Dutch sophisticated calcula-
tion models: PLUTO and DIANA). The accuracy of
such simulations can be best shown on the problem
of the leaning Tower of Pisa, one of the best bench
marks for such an evaluation. In 1994 led blocks
were placed on the higher part of the foundation slab
in order to reduce the tilting. The weight of the led

increased the tower weight by 4% and decreased the tilt
moment by 10%. The outcome was unsure. Prediction
of three-dimensional behaviour by Delft Geotechnics
in 1993, using Camclay soil behaviour, showed an
inclination of 5.42◦ and a reduction of 0.12◦ due to the
counter weight. The additional settlement was calcu-
lated 1.90 mm. Other predictions by the University of
Rome (Calabresi c.s., using American model CRISP)
showed a reduction of 0.08◦ to 0.16◦. Knowing that the
1994-leaning is 5.48◦ and the measured outcome of the
led weight is a tilt reduction of 0.094◦ and an additional
settlement of 2.09 mm, gives us strong confidence that
such models, if calibrated well and fed with proper
data, are capable of simulating the initial state and
special effects in complicated situations, fairly well.
In Figure 2 three-dimensional simulated plastic zones
are shown of the 1994-state. The practical result is
simply: a well calibrated rotational incremental spring
stiffness: (2.8 ± 1.0)105 MN-m/rad, and vertical incre-
mental spring stiffness: (5.0 ± 2.9)103 MN/m valid for
a range of about 0.25◦ (Jamiolkowsky, 1994). This is
used for the evaluation of further restoration activities.

3.8 The role of ground water

A comparison of failure cases shows that for most situ-
ations there exists a significant static (ground)water
loading. In many cases an unseen interior erosion
process took place along existing interfaces, which
ultimately caused a sudden progressive collapse. Only
in some situations signals were noticed, mostly shortly
before the collapse, and sometimes the signals were not
immediately understood as a forewarning, because the
proper behaviour for quite some time. Investigations
afterwards often show that the situation is caused by
a combination of several unfavourable factors, such
as local low relative density directly beside a rigid
structure, a large static pore pressure drop, internal
migration or regressive erosion (piping), and induced
(small) deformations. Monitored data of the develop-
ment of unexpected failure is seldom. It is, of course,
a problem to account for the unexpected during the
design and construction, or the operation phase.

It is remarkable that the ground water is such a
common factor in failure. It may gradually change
the local conditions, stimulated sometimes by large
pressure drops. This process takes place slowly, seem-
ingly unimportant. A deep building pit is usually wet
(at least in the Netherlands), if not from rain then
from normal leakage (through sheetpiling). So, local
erosion by ground water is hardly noticed. Mostly
it is self-healing or stays limited, nothing happens,
nobody knows something could have happened. How-
ever, denly a progressive process starts, and in short
time a disaster develops.

It is yet possible to see this process in time. We
should be able to pinpoint before hand the most
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Figure 3. Metro-station building pit over an existing and operating metro tunnel, near the river Maas.

sensitive locations. A suitable monitoring procedure
can give proper information and it can show the
moment when counter measures are required. The col-
lapse of a temporary retaining wall at the metro-station
project at the Wilhelmina Pier in Rotterdam, is such
an example.

4 LEARNING FROM A POSTDICTION

4.1 A typical collapse

In 1995 a grout-column retaining wall protecting a
deep building pit near a river, collapsed suddenly after
months of proper behaviour. A new metro station is
being built around an existing metro tunnel while train
services are uninterrupted. Investigations revealed that
a combination of several factors gradually caused a
critical situation: leakage, consolidation, erosion, pip-
ing, pump failure, column fracture. By chance pore
pressures have been measured continuously, and after-
wards, they show the unseen gradual process of local
deterioration, which took place along the interface of
the existing metro tunnel and the subsoil.

It is worthwhile to mention, that, if the erosion
process would have taken two month more, probably
nothing would have happened, as then the construction
phase would not allow for.

4.2 The Wilhelmina metro station

The metro tunnel itself is built in the sixties applying
the sink-in-trench method using prefabricated tunnel
segments of 10 m*6.2 m*90 m. The foundation con-
sists of special vibropiles with their heads lifted under
water by jetgrout after placement of the segments.
The tunnel leads the metro under the river Maas in
Rotterdam. It operates properly.

In 1994 construction operation started to make a
large underground metro station at the Wilhelmina
Pier, Rotterdam, in the river bank, while the metro
services are uninterrupted; a complicated engineering
task. The metro station has been opened officially by
the Dutch Minister of Traffic, Public Works and Water
Management in spring 1997. It is the deepest metro
station in the Netherlands (Figure 3).

4.3 Construction stage

The building pit reaches a depth of 11.5 m. One should
keep in mind that the soil is very soft and the water
level is stationary high. To prevent leakage several
measures have been taken, such as grouting the slit
under the existing tunnel (an opening of more than
15 cm was found), installing a solid retaining combi-
wall, a deep pumping system and around the existing
tunnel a wall of grout-columns of 1.8 m diameter by the
VHP-grouting technique. Under the tunnel the closure
was realised by boring a thin pipe through the tunnel
at night. A sketch of the situation is shown in Figure 3.

To test the water tightness of the grout-column
retaining wall a local shallow pumping system is
placed. It has been in operation during the construc-
tion. Measured pore pressures show the development
of the unseen process (Figure 4). During November
1994 until February 1995 the system functioned well;
no clear evidence was observed that anything would
go wrong. Several safety systems around and in the
tunnel worked properly. No excessive displacements
occurred.

4.4 Unexpected problems

However, in February 1995 after five month of correct
behaviour, water inflow was noticed, a pump broke
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Figure 4. Measured pore pressures at the water tight grout-column retaining wall.

down, quite some sand inflow was noticed, and after
a temporary repair the grout-column wall locally col-
lapsed and the mud and water inflow could not be
stopped. Finally, the building pit had to be put under
water in order to repair the grout-column wall properly.

4.5 Investigation

During the investigation afterwards all possible causes
have been considered, such as seepage under and
around the wall, leakage through the walls, stability
and strength, flow under the existing tunnel, function-
ing of the pumping systems, climatic effects (rain, high
river levels), vibration due to building activities (pile
driving), inhomogeneity of the subsoil, and the qual-
ity and control of applied materials and construction
methods.

The conclusion is that an unfortunate combination
of several factors led to the critical situation, and
that it was hardly possible to understand that some-
thing was going on. The grout-column retaining wall
was correctly functioning. Some minor leakage was
noticed already from the beginning, but this could
be handled easily by the installed pumping system.
Since the wall had to function temporarily, the leakage
was acceptable. This is usual practice for temporary
structures.

The leakage and a probably small deformation of
the deeper clay layer due to the deep pumping system
(head drop of about 12 m), may have given place to
regressive erosion of the sand under the existing tun-
nel (piping), which is founded on piles in the sand layer

underneath the clay. Small water and sand inflow could
hardly be noticed during the excavation and construc-
tion works (open pit, it rained regularly). It is assumed
that with time the sand directly behind the wall under
the tunnel at the sides was eroded, and that under the
large water pressure drop (about 10 m), in the absence
of local soil support, some parts of the grout-columns
fractured, giving rise to a strong mud flow.

4.6 Valuable measurements

It is a coincidence that during the entire period the pore
pressures in eight observation pipes, installed in the
critical zone, have been monitored. This information
gives valuable insight afterwards (Figure 4).

Firstly, a pumping test with a duration of 8 hours
was considered to have reached a sufficiently steady
state. However, the permanent response of the same
situation is significantly different. A pumping test of
8 hours is too short. The standard practice to shorten
pumping tests to save cost and time is not advised.

During October to the end of December everything
worked properly. At the new-year recess, something
went wrong with the pumping system, and in Janu-
ary the pore pressure field has slightly changed. A
groundwater flow simulation afterwards shows the
difference in the corresponding porous flow pattern
(Figure 5): the leakage is more pronounced around
pump B. Unfortunately, pump B collapsed in the begin-
ning of February. Additional pumps, quickly installed,
could not solve the problem. They may have increased
porous flow and erosion.
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Figure 5. Flow pattern changes due to unseen leakage-
induced erosion.

It is to be said that the changes in the pore pres-
sures and porous flow pattern, noticed during the
investigations afterwards, were at the time not alarm-
ing at all. Everything looked in order. No particular
significant leakage or mudflow from under the tunnel
was observed. The grout-column retaining wall was
properly designed and its strength in combination with
the soil support was sufficient. So, one may argue who
ever could or should have known before hand, that such
a failure would take place.

4.7 Conclusion

Finally, it is learned from this example that it is
worthwhile to continuously monitor the pore pressures
around a building pit wall, which retains a large water
pressure, particularly when in contact with existing
structures. The silent erosion process, mostly occur-
ring along interfaces between soil and structures or
between different soil types, may be noticed before a
failure will occur, and proper counter measures can be
taken in time.

5 VALUES AND EXPECTATIONS

5.1 Value of research

Does research pay off? Is it worthwhile to invest in
innovation? The answer is a strong and firm yes! The

cost of delay in a construction process or of repair after
malfunctioning are very high in comparison to the cost
invested in research, even if a successful R&D-product
is not always guaranteed. Is it necessary to prove that
research is useful? In fact, not! But it is justified to do;
money can be spend only once.

In Annex I a statistical analysis is elaborated on
the financial interest of applied research products,
based on a limited number of practical cases (R&D-
projects by Delft Geotechnics). The emphasis is on
the cost of R&D product and implementation versus
the cost reduction by their application to a specific
case. The products are representative for the field
of geotechnical engineering (special CPT, numerical
model, pollution detection, piping, monitoring, etc.).
The result of the evaluation is that R&D cost is only
2.2% of the benefit (savings) due to the use of it,
including the unsuccessful R&D trials (only 10% suc-
cess is assumed, 50% would be more realistic; this is
not important!). It, however, does not include the cost
for the proper ambience: general facilities, education,
and knowledge maintenance to be able to do R&D, and
the cost of implementation in a specific project. If we
include this, the percentage would be at least twice:
4.4% (interest 2300%).

In the introduction it was stated that any budget
under 1025 million guilders is worthwhile to invest in
R&D, to prevent some of the annual damage cost in
the building sector related to geotechnical aspects.The
present annual public investment in the geotechnical
R&D sector is estimated to 12 million. With 4.4% this
will in average produce 12/0.044 = 273 million project
cost savings per year by R&D implentation. In com-
parison to the budget of 1025 million, this 273 million
is only 25% of what would be economically profound.

In conclusion, we can state that public R&D-
investment in geotechnical sector is 75% too low; 48
million should do. It may save up to 1,000 million.
This is significant. For the coming period the govern-
ment plans to invest yearly 9,000 million guilders in the
infrastructure and transport (MIT report: more-year-
program infrastructure and transport, Dutch Ministry
ofTraffic and Water Management) and there is an extra
12,000 million for budget exceedence1 on projects in
execution and new initiatives. Investment in R&D in
geotechnics gives a profit far better than any financial
market (2300%).

1 The Betuwe railroad estimated at 2,500 million in 1990
is now estimated to cost over 9,000 million, and some
economists state that it will rise even to 15,000 million.
Such boost of costs is for a significant part due to political
developments (saving environment, granting local demands,
choosing for innovative methods), and for another part to
underestimation of uncertainties. The project is still subject
of a vivid discussion.
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5.2 COB-research agenda 1999–2003

The agenda of the research program COB-1: 1995–
1998 has been outlined (Barends & Leendertse, 1994).
Much of the goals and foreseen innovations have been
achieved. In the Netherlands a solid base for a know-
ledge infrastructure for underground construction has
been founded, due to this collective, open, and precom-
petitive program. In the new research program COB-2:
1999–2003 the main topics are:

– technology program (missing knowledge elements,
required R&D).
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ANNEX I Interest of R&D investment in the geotechnical sector

The following table shows the benefit of 12 research projects implemented in practice (source Delft Geotechnics).

Case Field Foundation Dynamics Underground Environment Dikes

I Investment 0,2 0,6 1,4 0,07 0,4 0,1 0,1 0,1 0,2 0,2 1,5 1.0
S Savings 10 0,25 0,1 1,0 0,5/j 250 1,4 150
U Use 0,2 10 100 10 100 1400
B Benefit 50 0,3 3 3,5 250 1 10 50 1250 250 100 1400

I,S, U in MFI; B = (S∨ U )/I ; I : invested R&D with-
out overhead; S: direct savings in a project; U : indirect
savings (if without R&D) The average investment
Im = 0.486 MFI (million guilders). The exceedence
PB>X can be elaborated:

Chance Effect
PB<1 = (1 − PB>1) 0.08 No benefit
PB=1 0.08 Even
PB>0 1.00 All cases
PB>1 0.84 Benefit
PB>10 0.58 Fair benefit
PB>100 0.42 High benefit
PB>1000 0.08 Extreme benefit

Statistical elaboration yields:

PB>X = 0.9 − 0.109 ln(X) or
X = exp(8.28 − 9.2PB>X)

So, 50% of the cases with R&D application will have
benefit of B > 39.7. It means that a profit of 39.7I in
50% in building projects is achieved, or in average at
least 19.3 MFI (a lower limit!).
The unsuccessful cases (they cost money):

PB<=1 = (1 − PB>1) = 1.0 − 0.9 = 0.1

The value per case of applied R&D is therefore
defined by:

V = ∫ 0.9
0 PXIdP − ∫ 1.0

0.9 (1 − P)XIdP
with P = PB>X

Elaboration gives, assuming I = Im:

V = (46.5 − 0.038) Im = 22.58 MFl and
Bm = 46.46

The cost of unsuccessful cases (no profit) is very small
(maximum 0.038Im). This gives automatically also the
effect of non-implemented R&D studies; they will not
cost more than unsuccessful ones. If we assume that
10% of the R&D studies will be implemented, The
effect will be that for each project 10 R&D trials are
not implemented, or 0.38Im; so, the value becomes per
case:

V = (46.5 − 0.38) Im = 22.41 MFl and
Bm = 46.12

The cost of unsuccessful R&D is negligible. The profit
is high because of the cost of infrastructure projects is
high. The relevance of R&D is trivial; the researcher’s
zest to application is sufficient for success.
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Managing soil deformations due to tunnelling in the Netherlands

J. Brinkman
GeoDelft, Delft, The Netherlands

ABSTRACT: All the work that has been and will be done in the field of soil deformations in the Netherlands
can be put in a risk management perspective. In early nineties the bandwidth for prediction and controlling
tunnelling was far too large to start tunnelling in the sensitive ancient inner cities of the Netherlands. One can
say that to narrow this bandwidth a risk management process was started by visiting Japan in 1991. In 2002
the bandwidth has been narrowed to such an extent that tunnelling the North-South Metro Line in the sensitive
ancient city centre of Amsterdam is feasible. In this process the “innovation circle tool” has been applied. For
two examples the innovation circle will been given: for grouting and for EPB face stability. A brief overview
on soil deformation research in the Netherlands in relation to the different tunnelling projects is given. Finally
a general overview is given for the present Dutch situation, this is an interpretation of design procedures of the
different projects from a risk management point of view.

1 INTRODUCTION

Over the last decade the Netherlands has invested con-
siderable effort in tunnelling. In the early nineties
the idea of the appliance of large diameter shield
tunnels in the Netherlands was born from the short-
age of space, the increasing road congestion and the
growing economy. At that time, on the initiative of
J. Kruizinga, a Dutch delegation under the leadership
of Prof.A.Verruijt visited Japan. In Japan an enormous
number of shield tunnels in relative similar alluvial soil
conditions was already been constructed. A few years
later it had decided that the first large diameter shield
tunnel in the Netherlands would be constructed: the
second Heinenoord tunnel. At this point of time only
limited knowledge about shield tunnelling was present
in the Netherlands. Germans mainly did the design and
construction of the second Heinenoord tunnel and even
the TBM was built in Germany.

In 1994 a nation-wide foundation was formed with
the Centre of Underground Construction (COB). The
government sponsored this initiative because to gain
knowledge and experience in the field of tunnelling of
soft soil was important for the Netherlands.Among the
COB members are contractors, engineering consult-
ancy companies, universities, research institutes and
governmental organisations.

In this paper first the settlement control is put in
an overall view on the Netherlands risk management
control perspective over the last 10 years. Hereafter is
dealt with deformation control in the different project
phases.

2 RISK MANAGEMENT ON SOIL
DEFORMATIONS DUE TO TUNNELLING

All the work that has been en will be done in the
field of soil deformations can be put in a risk man-
agement perspective. In early nineties the bandwidth
for prediction and controlling tunnelling was far too
large to start tunnelling in the sensitive ancient inner
cities of the Netherlands. One can say that to narrow
this bandwidth a risk management process was started
by visiting Japan (figure 1). In 2002 the bandwidth
has been narrowed to such an extent that tunnelling
the North-South Metro Line in the sensitive ancient
city centre of Amsterdam is feasible. In this pro-
cess the “innovation circle tool” has been applied.
This is a balanced continues innovative circle of field
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Figure 1. Reduction of risk due to soil deformations as a
function of time.
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observation, numerical modelling and model tests,
resulting in a lower risk level.

3 KEY RISK PARAMETERS FOR
SETTLEMENT CONTROL

Relatively soon in the Heinenoord shield tunnel project
it became clear that the tunnelface and the grout-
ing process where the two key risk parameters in the
settlement risk management. Considerable research
has been conducted in the years after to get a grip on
these to aspects. As they are the keys to successfully
reducing the bandwidth of settlements. For two exam-
ples the innovation circle will been given: for grouting
and for EPB face stability.

The innovation circle for grouting (figure 2):

1. The only way to get a good match between FEM
calculations and the measured soil deformations
of the Heinenoord tunnel was the introduction of
grout pressures in the calculations. For the grout
pressure 4 hypothetical grout pressure distributions
were used. The type of distribution around the tun-
nel and the change in time was the important factor
[COB 2000].

2. The next step was the development of the DC-grout-
pressure distribution calculation model [Talmon
2001].

3. Model test were parallel to the development of
the calculation model conducted. The aim of the
tests was to get a better understanding of the phys-
ical properties of the grout flow and the change
in physical properties due to water dissipation and
hardening.Also a joint research with Japan was con-
ducted which resulted in the appliance op ETAC
grout in the second tube of the Botlek tunnel
[Feddema 2001].

4. In the Botlek shield tunnel grout pressures and
soil deformations where measured. With 2D FEM

Figure 2. Innovation circle for grouting.

model based on the grout-pressures predictions,
postdictions and back analyses were made. The
same was done with the DC grout-pressure distri-
bution model.

5. From risk management prospective the grout pres-
sure is still a key risk parameter. In 1999 a joint
Delft Cluster and COB research program for the
Sophia Tunnel was started. In this program the
DC-calculation model is further improved, model
test are conduced and field measurements are done
[Bezuijen 2002a]. The aim is the use of the grout
pressure distribution in a 4D FEM model in which
the progress of the tunnelling is incorporated. With
this model the soil displacements can be predicted.
These deformations can then be used for the impact
analysis ground deformations on buildings. This
research is conducted in close relation to the North-
South metro line as they are going to use the results
in their risk management system.

For the Heinenoord shield tunnel the face stabil-
ity for a slurry shield has been researched. This has
resulted in the detection of a new significant mech-
anism of the build up excess pore pressure in front of
the TBM [Bezuijen 2001 and Broere 2000 & 2001].
This new mechanism has been incorporated in a cal-
culation model that is now used in daily practice. An
EPB shield has been used for the Botlek tunnel and
there is not much knowledge in the Netherlands about
face stability for an EPB. As face stability is a key risk
parameter this research was conducted by the contrac-
tor and COB. In figure 3 an innovation circle has been
drawn for this problem.

The innovation circle for EPB face stability:

1. Model experiments conducted using foam, simu-
lating the drilling with an EPB shield [Bezuijen
1999 & 2001]

Figure 3. Innovation circle for EPB face stability.
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2. Based on the results a calculation model was
suggested

3. In the field in front of the Botlek EPB shield also
excess pore pressures where present [Fugro 2000]

4. Based on this the calculation models of have been
further developed [Bezuijen 2002b].

4 OVERVIEW OF RESEARCH

In figure 4 a brief overview on soil deformation
research in the Netherlands in relation to the differ-
ent tunnelling projects is given. This overview is not
intended to be complete but to give a good impression.

5 PROJECT PHASES

In the different project phases of a tunnelling project,
different approaches to handle soil deformations are
used. Of course each project has its project specific
demands. So a more general overview is given for
the present Dutch situation, this is an interpretation of
design procedures of the different projects from a risk
management point of view. In figure 5 a general idea
is given of the development of risk during a project.

1992 20021997
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North south
metro-line

• contraction model
• 2-4D FEM grout model
• tunnel-pile interaction
• excess pore pressures
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     grout model
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     EPB
• face pressure
     distribution EPB
• grout pressures
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     grout model
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     pressure distribution
     model
• compensation
    grouting
• building response to
     tunnelling

• use of 4D FEM grout
     model
• use of building
     response to
     tunnelling model
• (online) observational
     method

Figure 4. Research on soil deformation in relation to tunnel
projects.
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Figure 5. Development of risk in a project.

In this simplified example the risk is built up from 3
components; construction, planning and environment
(like politics, imago and permits). The project phases
are the initiation, preliminary design and final design
and construction phase.These phases will be described
in detail below. To get a risk reduction risk control
should be applied. In each phase the risk analysis has
its place, see figure 6.

5.1 Initiation phase

At the start of a project not everything is known like
alignment, soil conditions, TBM type, diameter and
the sensitivity of the surroundings. At this time the
bandwidth in costs is far higher than in the construction
phase.

In this phase empirical relations found in literature
and the experience with another tunnelling project in
the Netherlands is used (COB Experience database).
In this way it is possible to get a quick insight in what
to expect. This means that the bandwidth in expected
settlements is large in this phase and the knowledge of
its impact on the surroundings small.

To optimise the investigation/design process and
make it possible to answers the different questions in
the further phases a first risk analysis is made. Most
of time this is done by putting some experts on the dif-
ferent fields together in a room and let them decided
what the project specific risks are (quantified in time,
money, and imago). By doing so in the early stage of a
project one can make a risk management control strat-
egy for the key risk parameters in the different project
phases.

5.2 Preliminary design

In this phase the first soil investigation results are avail-
able and there are more details known. So from the
experience database a more narrow selection can be
made of what to expect. In this phase the first 2D
FEM models are applied to see what deformation are
to be expected under specific project conditions. And

update
risk analysis

select
improvements in
risk management

execute
improving
measures

evaluate effect
of improved
risk management

carry out
risk analysis
(RISKMAN)

Figure 6. Riskman-cycles [RISKMAN 2002].
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of course the risk analyses are updated with the latest
information. From this the strategy for the next steps
is derived. Sometimes this means that special research
has to be conducted to manage specific risks.

5.3 Detailed design

In this phase most commonly 2D FEM calculations
are performed for all the bored sections. The results of
these soil calculations are sometimes also directly used
in the design of the lining. For the location with a high
risk profile there are 4D FEM [COB 2000 &Teunissen
2001] analyses conducted. In this phase grout model
test are conducted and grout is designed to meet to
project requirement. This means that an optimal grout
pressure distribution has to be designed.And of course
the risk analyses is updated with the latest information.

5.4 Construction phase

Part of the detailed design phase is setting up a moni-
toring philosophy for the construction phase based on
risk management. Some parts of the design can still
be so sensitive that the optimal way to manage it is the
appliance of an observational method. To get a good
idea what bandwidth in soil deformations are to be
expected for instance a level 2 probabilistic approach
can been applied. In this probabilistic approach the 2D-
grout model can be used as the bases for finding the
deformation bandwidth. The soil properties (Youngs
modulus, angle of internal friction, soil weight and
groundwater pressure) and the grout pressure are the
stochastic parameters. This analyses result in a band-
width of settlements for each boring section. The same
type of probabilistic analyses can be applied on the
face stability. From this analyses sections with higher
changes on face instabilities are detected.These analy-
ses make it possible to monitor the key risk parameters
for relevant mechanisms at the relevant locations and
optimise the monitoring. Further a strategy how to use
this information in the tunnel boring process manage-
ment can be made. In some cases the needed reaction
time can be so short that it leads to an online monitor-
ing system option like in the North-South metro line
tunnel has integrated in the tunnelling process.

5.5 Evaluation phase

In this phase the observations and the experiences
are summarised in reports put in the COB tunnelling
experience database. Back analyses are made and new
tunnelling models are tested to improve the prediction
models for the next project.

CONCLUSIONS

The development of knowledge in the field of tun-
nelling over last decade has reduced the risk related to
soil deformations.

The alternate use of field observation, model test
and calculation models (innovation cycle) has proven
to be a powerful tool in increase the knowledge and
there by reducing the risk.
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Influence of pore pressure at tunnel face
Einfluss des Porenwasserdrucks auf die Stabilität der Tunnelbrust

A. Bezuijen
GeoDelft, Delft, Niederlande
GeoDelft, Delft, The Netherlands

ABSTRACT: The influence of groundwater flow in front of a tunnel face is investigated for a tunnel bored
in saturated sand. It is shown that groundwater flow hampers the plastering of the bentonite slurry in front of
a slurry shield. Consequences for the stability of the tunnel face for minimum and maximum face pressure are
discussed. Groundwater flow increases the minimum allowable pressure and decreases the maximum allowable
pressure and thus decreases the ‘pressure window’ that can be used by boring a tunnel.

Groundwater flow also has an influence during the grouting process for a tunnel drilled in sand. The consoli-
dation of the grout, determines the pressures on the lining. Consolidation of grout is measured in an element
test. Traditional calculation methods over predict the stresses on the lining for a tunnel drilled in stiff sand (up
to a factor of 5) by not taking into account the consolidation of the grout.

RÉSUMÉ: Für den Bau eines Tunnels wurde der Einfluß der Grundwasserströmung auf die Stabilität der
Tunnelbrust untersucht, der in gesättigtem Sand gebohrt wurde. Grundwasserzufluß hemmt die Filterkuchen-
bildung der Bentonitsuspension vor dem Hydroschild. Die Konsequenzen für die Stabilität des Tunnelbrust bei
minimalem und maximalem Stützdruck werden beschrieben. Der Grundwasserzufluß erhöht den kleinsten zuläs-
sigen Stützdruck und verringert den größten zulässigen Stützdruck. Folglich wird der Bereich des anwendbaren
Stützdruckes (das ‘Stützdruckfenster’) verringert, mit dem der Tunnel gebohrt werden kann.

Die Grundwasserströmung hat auch Einfluß während das Einbringen des Verpressmörtels. Die Konsolida-
tion des Verpressmörtels bestimmt den Druck auf die Tunnelwandung. An einem Tunnelelement wurde die
Konsolidation des Verpressmörtels getestet und gemessen. Traditionelle Berechnungsmethoden überschätzen
die Spannungen auf die Wandung eines in steifem Sand gebohrten Tunnels (bis zum 5-fachen Wert), wenn die
Konsolidationswirkung des Verpressmörtels nicht beachtet wird.

1 INTRODUCTION

The soil is incorporated in the design of tunnels by cal-
culating the soil pressures that are exerted on the tunnel
and pressures necessary to have a stable tunnel face.
Pore pressures are taken into account, but generally
only a hydrostatic pressure distribution is assumed.
However, the construction of a tunnel uses liquids pres-
surized with pressures different from the hydrostatic
pressure: bentonite slurry at the tunnel face and grout
mortar at the tail void. This will lead to excess pore
pressures. Knowledge of these excess pore pressures
appears to be of importance for the stability of the
tunnel face and the final pressures on the lining.

This contribution describes the origin of the excess
pore pressures in front of the tunnel face and also deals
briefly with the influence of water flow in the grout
mortar on the final pressures on a tunnellining.

2 PORE PRESSURES AT THE TUNNEL FACE

2.1 Background

Shield tunneling started only recently in the
Netherlands, the soft soil conditions and the high
water table in most of the country are difficult con-
ditions for this technique. The first tunnel bored was
the 2nd Heinenoord tunnel, just south of Rotterdam.
To increase the knowledge of the processes involved
when boring a tunnel in soft soil, a measurement cam-
paign was set-up. Part of this campaign was measuring
the pore pressures in front of the tunnel face.

2.2 Measurements

Pore pressure gauges (PPTs) were mounted in the tun-
nel track as a part of the measurement campaign.
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Figure 1. Artist impression measurement field. The arrow
indicates the pore pressure gauges in front of the TBM.
Results of the gauge in the middle are used this paper. (Bakker
et al. 1999).

The total instrumentation, measuring deformations
and pressures, in one of the measurement fields is
shown in Figure 1. The PPTs in the tunnel track were
in use until their destruction by the TBM. Results will
be discussed for a PPT located in sand. Excess pore
pressures were measured in front of the TBM during
drilling. However, the pore pressure decreased until
hydrostatic pressure when the drilling stopped.

The result of one of the gauges is shown in Figure 2.
When the TBM reaches the PPTs, the passing of the
cutters on the TBM can be seen in the measured pore
pressures as variations in the pressure. The pressure
decrease during a stand still can be seen in the 3-D
plot, Figure 3, where the pressure is presented as a
function of both the distance form the tunnel and the
time. From this plot it is clear that when there is no
progress in the drilling (the distance remains constant)
the pressure decreases. The pressure starts to increase
when drilling started then the distance between the
gauge and the tunnel decreases.

The measurements show that there is a plastering of
the tunnel face by bentonite when drilling stops, but
that there is no plastering during drilling. The reason
for that will be explained in the next section.

2.3 Pressure calculations

If there is no plastering of the tunnel face at all, it
is possible to calculate the excess pore pressure by
means of groundwater flow computations. The actual
3D boundary value problem reduces to a rather simple
problem if we calculate the pressure in front of the
tunnel at the tunnel axis, assuming a constant excess
pore pressure over the tunnel face, a homogenous soil
and no influence of the surface. For such a situation
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Figure 2. Measured excess pore pressure in front of a slurry
shield and approximation.
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Figure 3. 3D presentation of the measured excess pore
pressure in front of a slurry shield.

the solution of the piezometric head at the tunnel axis
leads to:

Where φ is the excess piezometric head above the
hydrostatic level at a distance x from the tunnel face.
φ0 the excess piezometric head at the tunnel face and
R the radius of the tunnel. This solution is plotted
with the measurements in Figure 2 and showed good
agreement.

With this solution it is also possible to understand
why the bentonite at the tunnel face cannot provide
plastering during drilling. The hydraulic gradient in
front of the tunnel can be calculated by taking the
derivative of Equation (1). At the tunnel face (x = 0)
this leads to the equation with i the hydraulic gradient.
The pore water velocity (vp) in front of the tunnel can
be written as:
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with i the hydraulic gradient. The pore water velocity
(vp) in front of the tunnel can be written as:

where k is the permeability of the sand an n the poros-
ity. When a tunnel with a diameter of 10 m (5 m radius)
is drilled in sand with a permeability of 10−4 m/s and
a porosity of 40% (average values for this tunnel), the
velocity of the pore water will be 2.5∗10−4 m/s. Ben-
tonite cannot penetrate faster than the velocity of the
pore water. If the drilling advances with 1 mm/s, this
means that the drilling goes faster than the bentonite
penetrates. Bentonite will penetrate, but every time a
cutter of the rotor passes, it will take away all bentonite
and there is no possibility to form a filter cake.

This means that the excess pore pressure measured
is not caused because the bentonite does not plaster
well enough. It is caused because drilling goes faster
than bentonite penetration into the sand for this tunnel.

2.4 Plastering

When drilling stops, a filter cake will build up due
to the mud spurt and consolidation of the bentonite
slurry (Bezuijen 1997). Using the results of experi-
ments (Huisman 1998) and the permeability of the soil,
it is possible to derive the course of the pressure in the
soil just in front of both the tunnel face and the slurry
cake when drilling stops.At the axis close to the tunnel
face there will be 1-dimensional flow. In that situation
the pressure, written as a piezometric head, in front of
the tunnel due to the mud spurt (the most important
mechanism) can be written as:

where φms is the piezometric head in the soil in front of
the tunnel face, φ0 is the piezometric head at the tun-
nel face, x the distance the bentonite has penetrated
into the soil, n the porosity, kws the permeability of the
consolidated slurry, ks the permeability of the soil for
slurry, � the ratio between applied piezometric head
and final penetration of the bentonite slurry as meas-
ured in a plastering test, in which bentonite penetrates
into a sand sample using a predefined pressure dif-
ference (Huisman, 1998). ψ is the 1-dimensional flow
resistance in the soil in front of the tunnel without
bentonite (caused by groundwater flow only) and is
defined as:

with q the specific discharge and φ∞ the piezometric
head at a large distance from the tunnel (=0 when the
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Figure 4. Measured and calculated pressure in the soil in
front of a tunnel face during a stop in the drilling when a
filter cake is built.

other values are presented as excess values). Since the
thickness of the bentonite layer that penetrate into the
soil during the mud spurt is very small compared to
the dimensions of the tunnel, this layer can be
neglected to determine ψ. Using equation (2) and
Darcy’s law q = k.i it is found:

x in Equation (4) varies with time and is determined
by the amount of slurry that has flown into the soil and
can be solved using the equation:

To check the validity of these equations the results
of PPT 5 measurements were used during the last
drilling stop before the gauge was destroyed by
the TBM. The result is shown in Figure 4 together
with the result of a calculation using the measured
� (133) and φ0 − φ∞ = 3.5 m, n = 0.4, ψ = 2.5 · 10−5

1/s, ks = 5 · 10−5 m/s and kws = 2.5 · 10−8 m/s. The
result showed reasonable agreement apart from pres-
sure peaks that are present in the measured signal,
probably because the rotor is still turning. Analysing
laboratory results Huisman (1998) found that better
agreement between measurements and calculations
could be obtained if also the blocking of the pores by
bentonite particles is taken into account by an empir-
ical blocking factor. These field data do not clearly
prove the need for such a factor.

3 CONSEQUENCES FOR STABILITY

Calculation methods for the stability of the tunnel
face normally do not take into account the influence
of excess pore pressure on the stability. It is gen-
erally assumed that the pressure at the tunnel face
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is directly applied to the grains, which means that
implicitly a perfect plastering is assumed. Using the
wedge shape failure mechanism as suggested by Horn
(1961), Anagnostou & Kovári (1994) and Jancsecz &
Steiner (1994), the influence of the excess pore water
can be explained, see Figure 5. The figure shows a
3 dimensional plot of the failure surface and two 2
dimensional cross-sections. In the left 2 dimensional
cross-section the situation as assumed in the vari-
ous calculation methods is presented, the cross-section
at the right presents the situation with excess pore
pressures in the sand. Stability is obtained because
the tunnel face pressure supports the triangle column
ABCDEF.

It is clear that this support is less effective in the
situation with excess pore pressure. As indicated in
the figure, the net force to support the triangle is less.
On the other hand, the excess pore pressure will also
create a vertical gradient over the block CDEFGHIJ
resulting in a reduction of the force from this block on
the triangle.

To investigate the influence of the excess pore
pressure on the stability, the analytical calculation
methods as described by Anagnostou & Kovári (1994)
and Jancsecz and Steiner (1994) has been adapted
by Broere (2000) and as described in CUR/COB
(2000). Both models showed comparable results, a

significant increase in the minimum allowable tunnel
face pressure to achieve a stable front.

Numerical calculations (Bezuijen et al., 2001) have
confirmed the results of these analytical calculations.

4 CONSEQUENCES FOR MAX. PRESSURE

The section above has dealt with the consequences
for the face stability at minimum pressure. How-
ever, depending on the situation it is possible that the
excess pore pressure influence the maximum allow-
able drilling pressure. An example of such a situation
is discussed below.

In view of the excess pore pressures measured at
the 2nd Heinenoord tunnel it was decided to deter-
mine the possible risks of these excess pore pressures
for another Dutch tunnelling project. The hypoth-
esis that there might be a large risk involved arises
from the geohydrological conditions in this polder
area of Holland: relatively high piezometric levels
compared to a low surface level. Calculations were
made to check this in the design phase for a large
tunnel project (14.9 m diameter) crossing a deep
polder (Surface level = SL − 5 m; groundwater head
average = SL − 3.5 m, maximum = SL − 3 m). The
depth of the tunnel is shown in Figure 6. In the normal
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Figure 6. Geotechnical profile tunnel in polder.

situation the weight of the (semi)confining top soil
layer, consisting of only 7 m of peat and soft clay, just
equals the upward forces from the groundwater under-
neath. A surplus of water pressure can disturb this
vulnerable equilibrium state (bursting of the top layer).

The minimum slurry pressures, which are needed
for a stable tunnel face during drilling were for this sit-
uation calculated using the analytical model of Broere
(2000). As minimum excess pore pressure in front of
the cake a value of 28.3 kPa was determined (2.83 m
surplus water head).

The slurry pressure can only be transmitted to the
groundwater in the period that the slurry cake is cut
from the soil face by the rotating cutting wheel of the
TBM. As argued before, there will be no cake for-
mation during drilling and drilling of one ring takes
between 0.5 and 1.5 hours. However, the water pres-
sure will not adapt directly to the slurry pressure during
drilling due to the time dependent damping effect in
the groundwater aquifer caused by the elastic storage
capacity.

The groundwater effects just below the (semi)
confining top were calculated with the finite dif-
ference groundwater program MODFLOW. The
10∗5 km2 axial symmetrical model was multilayered
(13 anisotropic model layers for the aquifer) and the
input was: flow resistance top aquifer c = 10000 days,
total transmissivity aquifer kD = 1600 m2/day, storage
capacity S = 1 · 10−3 [−], anisotropy factor kh/kv = 3.

The calculated surplus water pressure depended on
the duration of the drilling period as shown in Figure 7.
The calculated extra water head below the confining
layer is 1.05 m. The calculation results led to the con-
clusion that the stated hypothesis concerning bursting
risk is true. Measures to overcome problems, e.g. by
monitoring and adaptation of the drilling procedure or
even hydrological solutions must be considered in this
situation.
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Figure 7. Calculated pressure build up when drilling starts.
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5 PORE PRESSURES AND GROUTING

5.1 Description

Grouting of the tail void is a critical process during
the boring of a tunnel. It determines the loading on the
lining of the tunnel and on the soil around the tunnel.
Changing the grouting procedure can make the differ-
ence between a problematic and a successful project.
Grout pressures to be applied are part of the regular
design calculations for a tunnel project. Calculations
are based on the stress distribution in the soil before
the tunnelling starts, see for example Figure 8.

However, it was found that for a tunnel in sand the
measured pressures around the lining at some rings
from the TBM are close to the pore pressure (Bezuijen
et al. 2003) and furthermore that the measured loading
on the tunnel in sand is much lower than calculated,
see Figure 9 (Hashimoto et al. 2004).
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tunnel in sand. Changing of parameters does not result in a
better fit.

To understand this behaviour it is necessary to look
more into detail into the properties of the grout mortar.
This mortar is injected as a liquid. As long as it is a
liquid there will be no direct interaction between de
soil and the tunnel lining. The average grout pressure
will be determined by the pore pressure plus the grain
stresses and the pressure distribution in the grout by
the properties of the grout and the weight of the lining
(Bezuijen et al. 2004).

Due to the excess pore pressure in the grout it will
consolidate and looses its water to the soil around the
tunnel. The speed of consolidation depends on the per-
meability of the grout in case the tunnel is bored in
sand but on the permeability of the subsoil for a tunnel
bored in less permeable subsoil as clay. This consoli-
dation leads to a volume reduction of the grout and
therefore also to a reduction of the effective stresses in
the soil. A sandy soil will react very stiff to unloading
and therefore a small reduction of the grout volume (a
reduction of 5 to 10% of the grout volume was meas-
ured in consolidation tests), leads to a considerable
reduction of the effective stresses in the sand and thus
also to a reduction of the loading on the tunnel.

5.2 Measurements

5.2.1 Laboratory measurements
It is difficult to measure the consolidation of grout
in a traditional oedometer test, because the consolida-
tion is fast compared to the consolidation of clay or
peat. Furthermore it is possible that there will be hard-
ening of the grout during the consolidation process.
Therefore consolidation experiments were performed

d

sand

grout

water
collection

air pressure

plate

load

cell
valve

Figure 10. Measurement principle.

Figure 11. Experimental setup.

in a cylindrical cell with a diameter of 0.3 m in which
a grout layer was made of 0.2 m, comparable to the
average thickness of a grout layer in the tail void for
tunnels with diameters in the range of 6 to 11 m.

The test set-up is shown in Figure 10 and Figure 11.
The grout sample is loaded with air pressure to the
desired pressure. The test measures the consolidation
properties of the grout assuming relatively permeable
subsoil and consolidation in one direction (water can
flow into the soil not to the lining of the tunnel). The
flow resistance of the sand is much lower than that
of the grout. After several minutes of consolidation
the sample was unloaded and the shear strength of the
grout was measured at different locations in the grout.

An example of results of such a test is shown in
Figure 12 and Figure 13. Figure 12 shows the amount
of expelled pore water as a function of time and the
applied pressure. In this test a pressure of 300 kPa was
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Figure 12. Test result: volume loss as a function of time and
applied pressure.
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Figure 13. Strength development as measured with a vane.

applied. Pressure was relieved several times to be able
to take the vane tests. Figure 13 shows the measured
shear strength as a function of depth after for different
times of applied pressure. In this test it was focussed
on the lower values of the shear strength. Therefore
only shear strengths up to 6 kPa were measured and
presented in the plot.

The type of grout tested here was tested before at
atmospheric pressure (Bezuijen et.al. 2002). In that test
it appeared that the measured shear strength remained
more or less constant until 5.5 hours and after that time
the hardening of the grout started.

Comparing the result from the test at atmospheric
pressure with the results of the tests at 1–3 bar over
pressure it became clear that the increase in strength
in the over pressure case is caused by consolidation
of the grout and not by the hardening of the grout. To
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Figure 14. Grout pressure measured at the Botlek Rail tun-
nel and the Sophia Rail Tunnel. Data is shifted so that drilling
stops at the same point (first ring after the instruments came
out of the lining).

understand the grout properties just after injection in
the tail void it is therefore necessary to understand
consolidation. If the grout layer is consolidated, it
will have certain strength to act as a foundation for
the tunnel lining, even before hardening of the grout
commences. If it is not consolidated it is possible
that the shear strength is too low to counterbalance
the buoyancy forces of the tunnel. Another impor-
tant consequence of consolidation is an increase of
flow resistance, which directly affects the pressure
distribution behind the TBM when drilling.

Consolidation of grout, sometimes called bleeding,
cannot be described by linear consolidation theory. It
can be approximated assuming it behaves as a grain-
water mixture with little strength until the water is
expelled from the grout and there is an effective
stress between the grains. A description is presented
in Bezuijen & Talmon (2003).

5.2.2 Field tests
Grout pressures during injection and after injec-
tion were measured during tunnel projects in the
Netherlands. Characteristic results are shown in
Figure 14.

The grout pressure increases during drilling and
decreases to values that are close to the pore pres-
sure of water during stand still due to consolidation
of the grout and decrease of the effective stress due to
unloading of the soil.

The pressure distribution around the tunnel, meas-
ured on the lining appears to increase linearly with
depth. However it is not a hydrostatic pressure dis-
tribution, see Figure 15. The gradient varies in time
and decreases to values below the gradient of the pore
water. This is caused by buoyancy forces exerted by
the lining and the yield stress in the grout (Bezuijen
et al. 2004).
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Figure 15. Measured grout pressure distribution at the
Sophia Rail tunnel at various times. The pressure measured
at 16:59:52 was measured several hours after boring has
stopped.

6 CONCLUSIONS

It is shown that the measured excess pore water pres-
sures in front of the tunnel face are mainly caused by
the groundwater flow conditions much less influenced
by the slurry properties. During stand still plastering
occurs. The formulation for this plastering, presented
in this paper, presents reasonable results, but needs the
input of plastering experiments. The excess pore pres-
sures during drilling have consequences for as well the
minimum and maximum pressures that can be allowed
at the tunnel face.

The average pressure on the lining due to grouting
reduces to values close to the pore pressure several
rings after the TBM for a tunnel made in sand. This
is caused by the volume loss due to consolidation in
the grout. The pressure gradient around the tunnel
is determined by the buoyancy forces in the lining.
Due to these mechanisms the resulting stress distribu-
tion around the lining can differ considerably from the
results of traditional calculations.

More in general it can be said that ground water
flow and the resulting pore pressures needs attention
when drilling a tunnel below the water table.
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