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Preface

Structural steelwork design 1s usually taught in degree and dipioma courses
after an imtial grounding 1 the theory of structures and strength of matenals.
The design tenching usually covers both simple structural elements and
complete buildings. More complex elements and buildings are ofien covered
in posigraduate courses, but the wdeas and concepts outlined in this text stif]
pravide the basis for more complicated structures. This book has been
prepared primarily for the student, but also for those engineers m practice
who are not familiar with BS 3950 Structural use of steelwork m buildings.

This book falls naterally mto fwo parts, Part 1 sets out 1n detail the design
of elements (beams, columns, etc.) frequently found in a structural steel
framework. Part II shows how these elements are combined to form 2
building frame, and should prove especially useful 10 the engineer m the
context of practical design. Par II also develops other considerations such as
the overall stability of building stiructures. Those with some expenence of
elernent design may prefer to start with Part IE, usimg the cross-references to
re-exsrmune element design as necessary. A final chapter considers delailing
practice, and the effects of a number of practical considerations such as
fabrication and fire protection.

It is rssumed that the reader has some knowledge of structural analysis and
that a basic understanding of metallurgy has been gainad elsewhere. The
desipn exampies concentrate on manual methods to ensure a proper
understanding of steelwork bebaviour, with suggestions where computing
could be used, Detsiled programs for specific microcomputers are
mcreasingly being written, and a number of compiele design packages are
available commercially.

The pnncipal documents required by the reader are:

BS 3950: Part | (1983): Design wi simple construction; kot rolled sections,
British Standards Institution.

Steelwork design. Vol i: Secrion properties; member capacities. Steel
Construction Institute.

The first of these documents 1s also available in abridged extract form from
British Standards Institution as:

Extracts from British Standards for studenis of structural design.
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The second document ss available i extract form {dimensions and propertics
only} in the following two publications:

A check list for designers. Steel Construction Insatute,
Structieral Sections 1o BS 4: Part | & BS 4848; Pare 4. British Steel
Corporatioit,

The latter two exiracts are updated regularly and the latest edition should be
used. 1 should be noted that since 1995, the symbols used in the BSC
publication for the man dimensions of rolled sections have been changed to
reflect the Burocede 3 nomenclature. The relevant changes are noted at the
foot of this page.

Throughout the book, ¢lause references and notation follow those given in
BS 5950: Part 1 (design mt stmple and continuous construction), except for
those chapters which deal specificaily with composite cosstruction when the
clause references and notation follow those 1 BS 5950: Part 3.1 {design of
composite beams) and Part 4 {design of floors with profiled steet sheeting),

The mamn change in the second edition has been the introduction of a
chapter on the design of plate girders. The authors have also taken the
opportunity to update the text m the light of current practice and latest demipn
wifermation.

While every effort has been made to check both calculations and
mterpretation of BS 5350 the authors cannot accept any responsibility for
inadvertent errors.
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Foreword to First Edition

In 1969, the Bntish Standards Instttution Commsttee B/20 responsible for
BS 449, a permussible stress structura steelwork design code, instigated the
preparation of a new draft code based on limut state prinespies and
mneosporating the latest research ito the behaviour of structural components
and complete strucrures. The draft was issued for public comment i 1977
and attracted considerable adverse comment from an wdustry long
acquamnted with the simpler design methods m BS 449,

It was realized by the newly constituted BSI Commuttee, CS8B/27, that a
rediaft of the B/20 document would be necessary before st would be
acceptable to the construction wdustry. The work of redrafling was
undertaken by Constrado, parily funded by the European Coal and Steel
Comtnunity, and the task was guided by a small steening group rapresenting
the nterests of coasuiting sngineers, steelwork fabnicators and the
Department of the Environment.

Pror to the completion of the redraft, calibration was cammed out by the
Building Research Establishment to denve sutable values for foad and
matenal factors, and design exercises fo compure the design of whole
structures 1o the drafi code with designs 10 BS 449 were directed by
Constrado. The object of these studies was to assess whether the
recommendations to be contamned within the new code would produce
structural designs which would be no less safe than designs to BS 449 but
would give an improvement in overall econony.

The resulting code of practice, BS 5950: Part 1, published 1n 19835,
covering the design 1 simple and continuous construction of hot rolled steel
sections, and Part 2, dealing with the specification of materals, fabncanon
and erection, achieved the greater simpliciy sought by industry while
allowing the design of building structures to be based on the more rationai
approach of limut state theory than the permissible stress method of BS 449,
Part 3, which 15 m the course of preparation, will give recommendations for
destgn in composite censtruction,

White BS 5950: Part 1 1s explicst wn s design recommendations, the code
is intended to be used by appropniately qualified persons who have experience
in struetural steelwork design and construciion. There s a need, therefore, for
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a text for university and college students engaged on courses w civil and
structural engmeenng which gives clear guidance on the application of the
code to typical building structures by worked exarnples which set out the
caleulations undertaken in the design office. This 1s achieved in this book
through explanatory text, fall calculations and reference to the BS 5950:
Part | clauses.

The first part of the book deals with the design of vanous types of
Structural members and the second pant deals with complete designs of the
most commonly encountered structures, namely, single-storey industrial
buildings and multi-storey office blocks. Apart from the relevant codes and
standards, references are given to well establishied publicatons commonly

‘found in the designer’s office. The book should also be useful to the design

engineer tequiring an understanding of the application of the limit state code.

P.A. Rutter
FParter, Scott Wilson Kirkpamick and Partners
Member of BS 5950 Commurtee

PART

|

THE DESIGN OF STRUCTURAL
STEEL ELEMENTS

A simple basis for design 1s to consider a struetural framework composed of a
number of elements connected together. Loads are sustamed by the element,
and its reactions transferred lo other slements via the connections. in this
simple concept for design 1t 15 essential that the overall action of the
framework 15 considered. Therefore an itroduction to the concept of gverall
stability of the structure 15 given m terms of bracing systems.
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INTRODUCTION TO DESIGN
IN STEELWORK

Structural steelwark can be cither a single member or an assembly of a
number of steel sections connected together in such a way that they perform a
specified funchon. The function required by 2 client or owner wil} vary
enormously bui may melude:

o  building frames by which loads must be supported safely and
without undue movement, and 1o which a weatherproef envelope
must be attached;

e chemical plant supports by which loads must be supporied but
which commonly requiare no exiernal envelope;

»  containers which will retain tiguids, granuiar matenals or pases,
and which may also be elevated as a further structural function;

e masts which must safely support meehameal or efectnical
equipment at specified heights, and in which the deflections,
vibrations and fatigue must be controlled;

o  chimneys which will support flues carrying waste gases 1o safe
hephts;

s  bridges which must support traffic and other loads over greatly
varying spans, and for which degrees of movement may be
permitted;

& temporary supports used dunng the construction of some part of a
structure, which may be of steelwork, concrete, bnckwork, etc., m
which safety for short penods and speed of assembly are importani.

Tt will be noticed that both safety and movement of the structures described
are waportant for proper fenction and, together with economy, these will be
the main considerations whes discussing the design metiiod later. It shouid be
noted that the design of only some of the above structures 15 covered by
BS 5930 and hence discussed in the later chapters.

Steet sections are rolied or formed ino a vanety of cross-sections, a
selection of which 1s shown in Fig, 1.1, together with their cammeon
descriptions. The majonty of these cross-sections are obiamed by the hot
rolling of steel billets m o rolling mill, while a minority, somenmes mvolving
complex shapes, are cold formed from steal sheet. Hollow sections are
obtained by exirusion or by bending plates 1o the reguired cross-section, and

—
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Fig 1.} Steck secuons

seamung {welding) them to form mbes. The sections are usually produced in a
vaniety of grades of siee] having different strengths and other properties. The
comemonest grade 15 known as 43A, rcferred to sometimes as mild steel,
having o yield strength n the range 245-275 N/mm®. In some types of
structure other grades (438, 43C, etc.), having the same yield strength, are
more sutteble owing to their higher resistance fo brttle fracture.

Cuistand

TL IJ
7}““

f
[ Web
Web Web
Cross-section Wab o Flange
Root radius Flange

Flange
PN

Dascaption Universal heam
Typical sze 405 x 127 x 48 UR

Crass-sestion l ‘

Daseription Equai angle
Tymical size 15{ x 150 x 18 Angie

Universal column Channet
254 x 254 x 107 UC 203 x 8% RSC

Asztangular hollow sechion
200x 100 x 8.0 RHS

In addition to cross-section, the shape of a steel section will include
reference to its length, curvature if required, cutting and drilling for
connechions, eic,, sl of which are needed to ensure that each part fits
accuralely 1ito the finrshed structure. These further shaping processes are
known as fabrication and are camed out 1 a fabncating works or ‘shop™. It s
for this stage that drawings giving precise dimensions of the steelwork will be
required, showing what the designer intends. In many cases these drawings
are produced by the fabricators rather than by the designer of the structure.

The final stage of producing a structure in steeiwork 1s the erection or
putting together of the vanous clements on site to form the required
framework. Al this final stage the safety of the partly fimshed structure st
be checked, and prior thought mven as to how the framework is to be erected
n order to define the location of each part with precision. The sieelwaork
usually forms only a skeleton to which other building elements {floors, walls,
ete.) are fixed, but i frameworks supporing chemucal or mechanical plant
the steelwork may be the sole structural medium.

INTRODUCTION TO DESIGN IM STEELWORK &

DESIGN REQUIREMENTS

The design of any structure must be judged by whether it fslfils the reguired
function safely, can be built with ecosomy and can maintain an acceptable
appearance for is specified lifetime. It follows that the design of siructural
steelwork zlso will be assessed by these coteria of safety, economy and
appegrance.

Safety 15 assessed by considenng the strength of the structure relative to
the loads which it 1s expected 1o carry. In practice, this asscssment s applied
te cach structural element m tum, but these mdividual element checks are not
sufficient without considering the overall safety of the frumework, The
strength of the structurat element must always exceed the cffects of the icads
by a margin which 15 known as s factor of safety, The method of providing
the factor of safety 1s discussed in Section 1.4. In the general sense
assessment of the struciure mcludes all the coteng ty which tts performance
will be judged, e.g. strength, deflection, vibration, ctc.

While in practice economy of the design 15 of great smportance to the owner
of the fimshed structure, studeats are rarely required to make & Full econome
assessment. However, two basic matiers sheuld be taken into aecount. Firstly,
the finished design should match, without excessively excesding, as many of
the design critena as passible. Clearly, the provision of excess strength i a
structura element without reason will not be judged economic. Secondly, n
structusai stechwork construction only part of the cost 1s comtained in the rolled
steel sections, and a large part of the cost results from the fabneation and
erection process. Consequently, economic design does not result Fom fnding
the smallest structural size and weight without considening the difficulties of
fabnication. In many cases repetition of 2 member size and stendardization of
components can lead to substantial overall savings.

The appearance of the finished structure 1s gencrully of great imporance
owing to the very size and impact of frames mn structural steel, The
achievement of an clegant design 15 desirable net only m complete simciurcs
but also sn small design details. 1t 1s Itere thet the student should try ta achieve
stylish, neat and batanced solutions to problems set. In many cases these will
prove to be the strongest and most economic solutions also.

SCOFE OF BS 5950 STRUCTURAL USE OF STEELWORK IN
BUILDINGS

BS 5950 is subdivided into mne parts, each bemng published scparately. Parts
3 and 5 to % inclusive are awaiting publication.

Part 11 Destgn in senple and continuous construcion: hot rolled
secnons (1985)

Part 20 Specification for materwals. fobricanon and erecnen: hot
rolled sectrons (1985)

Part 31 Design i composite construchion

Past 4 Design of floors with profiled stgai sheering (1982)

Part 50 Designr of cold formed sections

Part 61 Design w light gange sheetng, decking and cladding



http://www.cvisiontech.com/pdf_compressor_31.html

6

STRUCTURAL STEELWORK DESIGN TO BS 5350

Pant 7. Specification for materiais and workmanship: cold formed
sections

Part 8:  Design of fire protection for structural steehvork

Part 9 Stressed skin design

The purpose of BS 5950 15 to define common crterta for the design of
structural steelwork n buildings and allied strucrures, and 1o mive piidance to
designers on methods of assessing compliance with those enitert. Part 1 of
this Bntish Standard deals with design in simple and continuous constriction
for hot rolled sectrons. Part 2 covers the specification for materials,
fabncation and erection. The following chapters give exampies of the design
of buildings pnincipally covered by Part | and Part 2 of BS 5950,

Use s also made of other parts for particular desipn requurements such as
composHe construction, and these are referred to where appropoate n the
following chapters. BS 5400 is the appropriate code for the design of bridges,
and may aiso be a more appropnate basis for the design of other types of
plated structure, e.g. bunkers,

LIMIT STATE DESIGN

In common with most current UK cedes of practice, BS 5 ;
state approach to design, In this approach, the designer seleCdl nump; f
criterea by which to assess the proper Ranctiomng of the structure and then
checks whether they have been sausfied. The critena are divided into two

‘main groups based on whether assessment 1s made of the coilapse t(ultimate)

condition, or normal working {serviceability) condition.
Ultirnate Hast state wcludes:

strength {safety)

stability {overturmng)

fatipue fracture {nof normally considered i buildings)
brittle fracture

structural sntegrity {including accidental damage)

Serviceahility limut state includes;

o deflection
o durability
s vibration

Limiting values for each cnterion are giver in BS 5930: Parg 1 and thesr use 15
demonstrated in the following chapters. The designer should, however,
always be aware of the need for additional or varied critena,

PARTIAL SAFETY FACTORS

Safety factors arc used in all designs to allow for vanabilities of load,
material, workmanship and so on, which cannot be assessed with absolute
certainty. They must be sufficient fo cover:

INTRODUETION 7O DESIGN IN STEELWORK 7

load vaniations;

load combinations;

design and detailing procedures;
fabncation and erecnion procedures;
maienal variations.

L

The safety factor can be applied at one point in the design (global or
overall safety factor), or at several points (parhial safety factors), In steelwork
design a partial safety factor y, {the toad factor) 15 applied to the ioads
{variations | to 3 above) and another factor y,, o the material strengths
{variahons 4 and 5). BS 5950: Part i ncludes a value of v, for structural
performance within the value of ¥r. and assumes a value of 1.0 for .. The
use of y,, = 1.0 does not imply that no margin of safety for materal has been
mneluded, but rather that a suitable allowance has been made 1n the design
strengihs given in e.g, Table 1.2 of this chapter. Typical values of y are given
m Table 1.1 with further values given w 85 5950: Part t, table 2. Application
af the factors to different loads 1 combination 1s given 1 Chapter 2 and
throughout the design examples. The value of each load factor reflects the
acenuracy with which a load can be esimated, and the likelihood of the
stmultanecus occurrence of a miven combination of loads.

Tuble I.1 Parusal safety facior for Joads

Loading Lousd factor v,
Dead ioad iV id
Dead load restramning uplift 3.0
Imposed lead 1% i.6
Wind loed W, 1]

Combined loads {Wy+ W, + W) 12

LOADING

in most cases design begins with as accurate as possible an assessment of the
loads 1o be carmied. These may be grven, or obtamed from a Brtish
Standard'? or other appropnate source. They will be used in idealized forms
as either distributed londs or point {concentrated) Joads. Chapter 2 sets out
tymcal loadings and gives examples of how they are combined 1 design.
These external loads, sometmes called actions, form only past of the 101al
forees en a structure, or on a structural element. The reactions to the loads on
each element must be obtamed as design proceeds. These reactions must be
camned through 1o suppurting elements, so that all external loads, inciuding
self weight of members, are transferred through the structure by the shorfest
load path, until the foundation s reached. This process 1s esseniial to safe
design. A sumple cxample of this process 1s shown w Fig. 1.2, m whick the
load path for the extemnal load (snow) on a section of roof cladding 15 traced
to the foundaton. The cladding {sheeting) earnes the snow foad as well as
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Purlin

Raltes

Calumn

Base reaclions

Feundation

Fig 1.2 Load tmnsfer
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self weight, and this combined load produces a reaction fom a typecal purlin.
This constitutes a load W on the purlin, producing reactions P on the rafier.
Similar purlin reacuions together with the rafier self werght constituie the
rafier Ioad, producing reactions R from the roof truss (at each node), Loading
the roof truss produces vertecal reaction T from the cotumn, and also a
honizoatal reaction S if the teading 15 non-vertical. These m turn, acling on
the column, produce foundation reactions H, ¥ and Af.

INTERNAL FORCES AND MOMENTS

Loads with their reactions may be used to find internal forces and rBomenis
within any structurai element. The usual method is to draww shear force and
bending moment diagrams'?* These dingrams are graphs showing how the
mtemnal forces vary along a structural element as a resuit of 3 set of stationary
{stalic) loads. Influence lines and moment/force envetopes may be needed in
cases of moving {dynamic) loads (see Chapter 2). 1415 also necessary to find
the axial force present in 2 structural efement, particuiariy vertical moembers,
and in some cases the torsion as well. Diagrams may be vsed la advantage for
these forees also.

In many cases design concentrates on specific values of maximum bending
moment or shear force at a known position, e.g. mid-spar. In these cases
formulae or coelficients may be useful and can be abained from standard
tables or charts™®,

STRESSES AND DEFORMATIONS

In the design of steelwork to BS 5950: Part | stresses are used o obtam the
capacities of structural sections in bending, shear, axial force, eic., and any
combinations of these forces. Stresses used are generally based on the yield
stresses appropriate (o the steel guality and maxmmum thickness required by
the destgner, and detailed in table 6, BS 5950: Part 1, which 15 based on
vaites stipulated in BS 4360'” The design strength p, 15 useq, for example,
to caleulate the moment capacity of a sicel section,

Moment capacity A, = PhySy

where S, 15 the major axis plastic modulus of the secuon.

Strength 15 used to define an ultimate stress for a paritcular situntion
(bending, shear, etc.), and will include an adjustment for partial safety factor
¢matenal) and buckling ¢local or overall).

Capacity refers to a local moment of ressstance (or shear or axaai force) at
a section based on the given strength but disregarding overall {member)
buckling. Resistance refers to maxsmum moment with due regard 1o overall
tmember) buckling.

I some parts of the design it may be necessary to assess stresses when the
steel is in the linear ejastic condition. In this case the Hacar elasiic bending
theory may be used®” in which
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Ml =ofy=E[R

Deformations sre usually required in the design and are denved from
elastic bending theory. The commonest requirement 1s the caleulation of
deflections. These are found using formulae derived Fom bending theuryw’gj
but i more complex cases may require the use of moment-area methods! 1"
or computer programs. In general, the deflechion due to unfactored imposed
toads only 15 requered.

Strasns ore not normaliy caleolated in steelwork design and excessive
strawns are avoided by limiting stresses and other design parameters.

Stregses which should be used in steelwork design are given n detail in BS
5950: Pani 1, clawse 3.1.1. Some common values of design strengths are given
in Table 1.2,

Tabie 1.2 Steel design sirenpths

Steel pradse Maximum Design strength
BS 4360 thickness Py
imm) (N/mml)
43A, 431B, 43C 6 275
40 265
63 253
100 243
508, 50C 16 355
40 345
63 3490
100 325

Note that the stee] grades 43A, etc., ore specified in BS 4360%, which
defines the mechameal and other properties of the steel. The most impaortant
properties for siructural use are yeld strenpth, tensile sirength and impact test
values. The designations A, B, C indicate increasing resistance 1o impact and
brittle fracture, with no significant change in the other mechanical propenies.

The cross-section of a structural member needs to be classified according
to BS 5950: Part I, clause 1.5 in order o assess the resistance 1o focal
buckting of the section. Cross-secttons are elassified as plastic, compact,
seme-compact and slender by reference 1o the breadth/thickness ratios of
flange outstands and webs (Fig. 1.1), and also to the design strength. Details
are gsven in clause 3.5 and wble 7 of BS 3950: Part 1. The classificabions of
most hot rolled secthions 1 grades 43 ond 50 are grven with their section
prépcmcs i reference (12).

Recommended values of maximum deflections are given in BS 3950: Part |,
table 3. Some common values are reproduced in Table 1.3, In cases where the
steelwork structure 1s o support machinery, cranes and other moving loads,
more stringent limitations on deflection may be necessary. Values of maximum
deflections shouid be checked with the manufncturers of any machinery to be
used,

INTRQDUCTION TO DESIGHN iIN STEELWORK 11

[.8.1

Taide 1.3 Deflection Hmis

Structural element Dellection limit due te
unfactored lmposed foad

Cantilever Length/180
Beam (bnutle fimshes) Span/360
Cther beam Span/200

Purhin or sheeting rail To swit cladding (bui
span/200 may be used)
Crane girder (veriical) Span/600

Crane girder (horezontal) Span/ 500

LAYOUT OF CALCULATIONS

Before design calculahions are started, the designer must Arst interpret the
client’s drawings so that a structural arrangement can be decided to carry the
ioads down to the foundations. This structural arrangement must avoid
struston mnto space required by the clent's processes or operations. H 1s
broken down into sumple structural elements which are each given an
mdividual code number by the steel designer (see Chapter 13). Calculations
for an mndividuat element can thus be identified, as i the design examples.

Clanty s essential m setting out calculations, and the designer should
make sure that they can be checked without constant reference to that
designer. Designers develop their own individual siyles for setting out thewr
calculetions, Design offices of consulting engineers, local authonties and
contraciors ofién use one particular format as s house style. The student
should start ustag a basic format such as that mven m the text, but adapling
to st the particular structure.

Subdivision

Subdivide the calculations 1ntc appropriate.sections using subheadings such
as ‘dimensions’, ‘loading’, ‘moment capacity’ Thif makes checking of the
basic assumyptions and the results much easter, and helps the designer achieve
a neat presentation. T o

Sketches

Enpineers think pictorially, and shounld develop a spatial awareness, A sketch
witl clearty mdicate what the designer intended, while 1n a stning of numbers
& serous omession can be overlooked. Sketches in the folowing chapters are
placed in the fefi-hand marpin where convensent.
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i.8.2

t.B.4

1.8.5

References

Sources of information must be guoted us:

o loading British Standard; manufactuser’s catalogue;
client's brief
e dimeasions  drawimng number

o siresses BS 5950 clause number; research paper

This ensures that fituse quertes sbout the calculations can be answered
quickly and that subsequent alterations can be easily detected. It-will also
assist the designer when carrying out a similar design at a iater date and this
can be of great value to a student who will one day design in earnest.

Results

In desiym, results (or putput), such as member size, inad, mement, from one
stage of the calculntions may be used a5 mput at a further stage, It 15
mportant therefore that such nformation 15 easily obtained Fom the
caiculations. Such results may be highlighted by placing m an cuipal margin
ton the nght-hand side), or by placing 1n a "box’, or merely by underfining or
using coloured marker pens; 1 this book, bold type has been used.

The stodent should attempt to mamntain realism tn calculation, and avoid
quoting the eight or more digus produced by calcuiators and micro-
computers. Loading 15 commonly no more than two-figure accurate, and
section properties are given to only three fipures. No amousnt of calculation
will give results of higher accuracy.

Relationship with drawings

T most cases, the final results of design calculations are member sizes, boit
numbers, connection layouts fnd so on, all of which wformation must be
conveyed to the {abricator/contractor on drawings. It is, however, common in
steelwork design for some of the drawings to be camred out by persons other
than the design engineer, such as detailing draughtsmen, techmcian
engineers, or even the fabneator, 1t 15 therefore essential that the fnai output
should be clearly marked in the calculanons. Specific requirements such as
conqiection details must be clearly sketched.

STRUCTURAL THEORY

It 15 assumed in the following chapters that the reader witl have available a
copy of BS 5950: Part | or extracts from it. Tables and charts for design will
not be reproduced in full in the text but extracts will be given where
appropnite. In addition, properties of steelwork sections will be required.
These are available from the Steel Construction Institute!*2 The mieznng of

INTRODUCTION TO DESIGH IN STEELWORK 13

the properties given m these publicatzons must be understood and may be
studied in, for example. references (6, 7).

1t may be useful at same point for the student to examine the background to
the steelwork design method and BS 5950. Reference 15 therefore. made to the
Steet Construction Institute publication®'™ which 15 ntended zs explanatory
to BS 5950: Part 1,

The designer of steelwork elements and structures must have a clear
understanding of the theory of structures and strength of matenals. The
student 15 referred to the relevant sections of textbooks such as ihose grven 1n
references (6) 1o (11) and further explanation 1s avoided,

FORMAT OF CHAPTERS

The following chapiers provide design examples of structural stectwaork
elements (Past 1) and strectural stecfwork frameworks {Part H).

The chapter order 15 miended to guide a student with a basic knewiedge of
the theory of structures and strength of materais o steciwork design. 1t
therefore starts (in Part I} with loading, mcluding combination effccts, and
proceeds to simple elements with which the student 15 probably already
familiar. Later, more complex elements and these requinng special trealment
are itroduced. In Part I the sunple elements are combined 1o form complete
structures. While this chapter arrangement 15 preferred for teaching, w the
zctual design of structural steet eferents, the eaiculations arc usuaily
arranged in load order, 1e. ns mdicated in Section 1.3 and Fig. 1.2. This is
sometimes kstown as reverse construelion order.

Each chapter {in Part 1) starts with basic definitions of structural members
and how they act. General notes on the design of the element/frame follow
and then the design cafculations are set out for one or more cxamples
demonstrating the mam variations.

The calculations follow the layout suggested in Secuion |.8. References to
BS 5950: Part 1 are given merely by guoting the appropnate clause, e.g,
‘clause 2.4.1°, or table, e.g. *BS table 13", References for the structural theory
required by the student, or for backsround to BS 5959, are given as study
topics at the end of cach chapter wilh a numencal reference i the texi, e.p.

3).

S5TUDY REFERENCES

Topic References

1. Loading BS 6359 Desipn Loading for Buildings
Part 1: Dead and imposed loads (1984)
Purt 2: Wind loads (1995)
Past 3: imposed roof loads (1938)

2. BM and SF diagrams  Marshall W.T, & Nelsan H.AL {1990} Examples of
bending moment and shear force diagrams, Swrncrires,
pp. 23-4. Longman
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3. BM and SF diagrams  Coates R.C., Coutle M.G. & Kong F.K. {1988) Shear
forces and bending moments, Seuctural Analysis,
pg 38-TE Van Nostrand Reinhold

4. BM ond SF coefficients (1992) Steel Designers’ Manual, pp. H026-53.

Blackweil
5. Steel guality BS 4360 {1990) Specificancn for Weldable Structural
Steels
6. Theory of berding Marshall W.T. & Nelson H.M. (1090) Bending stress
analysis, Structures, pp. 13443, Longman
7. Theory of bending Heasrn E.J. (1885) Bending, Mechanics of Materinls, LOADl N G AN D LOAD

vol. 1, pp. 62-8. Pergamen .

8. Deflecnions Marshall W.T. & Nelsan H.M. (1990} Bending CO M B ' NAT I 0 N S

deformanon, Structres, pp, 20318, Longman

9. Deflections Hearn EJL. (1983) Sloge and deflection of benms,
Mechanics of Materals vol. 1, pp. 92-107. Pergamon
10, hMoment-area Craxten P.L.C. & Martin LI (1990} Area-moment

method of analysis, Solving Froblems in Struciures, vol,
2, pp. 2547, Longman

1| Moment-aren method  Cantes R.C., Coutie M.G. & Kong F.K. (1988) The loading for most strustures 1s obtained from the appropnate Briiish

Moment-aren methods, Stuctural Analysis, pp. 176-81. Standard®™, the manufacturer’s data and similar sources. The loads obtammed
Van Nostrand Reinhold must, however, be combined to simulate what 15 percerved by the designer to
12. Section propesties (1987) Steehwork Design vol. 1, Section properties aceur in .pmcl;ce, and be'muhi[l;)]icc! by appropnate load factors. The process
member capacisies. Steel Constracnion Instituie of combinmg loads and including the load factors 15 carned owt for simple
13. Background to BS 5950 Dawling P_1, Knawles P. & Owens G.W, (1988) stn{ctura! elements when deriving the bending momcnis, shear forees, etc.,
Strucniral Steel Design. Steel Construcuien Inststute which will oceur. For more complex structures it 1s advantageons to imclede

the load factors after deriving the bending moments etc., so that specific
combinaticns can be exammned more readily.

2.1 DEAD LOADS

These will mclude the following:

o own weight of steel member {kg/m of steel section)
s other permanent parts of building, ete., not nommally moveable
{e.p. concrete floor siabs, brick/block walls, finishes, cladding)

They are calculated either from density of matenal {kg/m*) or specific
weight (kN /i*), or from manufacturers’ data contamed in cazlogues or
manuals, Table 2.1 shows some typical values; these are all permanent loads
and are combined with the appropniate dead load partial safety factor {see
Section E.4).

Table 2.1 Typical values of commaon structural matenals

Mareriat ‘Density {kg/m’) Specific weight (kN/m®)
Steel 7850 17

Remforced conerete 2420 23.7

Brickwork 20002300 26-23

Timber 500-900 5-5
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2.2 IMPOSED LOADS values have been calculated at every point. Only m simple cases will one

arrangement of maximum loads be sufficient to produce maximwm moments

These will clude the following lemporary loads: or forces for design purposes.

s  snow on roofs''!

e peaple 15 EXAMPFLE 1. 1.OADING OF A SIMPLY SUPPORTED GANTRY

e furmture GIRDER

» equipment such as cranes and other machinery (a) Dimensions

e semi-permanent partitions which are moveable

Simply supported span 6.0m

Imposed loads vary with the function of the reom or building'’, and some Crane wheels® centres 3.6m
typical values are shown tn Table 2.2, All imposed loads are based on ' {See Ruther description m Section 5.1)
expenence within the construction industry and the statistical analyses of
observed cases, These are all temporary loads and are combined with the (b) Loads specified

d foad partial safety fact Section 1.4).
imppsed load partial safety factor (see Section 1.4) Self weight of girder {(uniformly distributed) 1.5 kN/m

) Maximum crane wheel load (static} 2Z0kN
Table .2 Typical values of imposed Joads Weight of crab 50 KN
Building uszpe Imyposed foad {kN/m?%) Hook load to be lifted 200 kN
Residential {self-contnined dwellings) ig Bynamic effects to be meluded in accordance with BS §399: Part 1 al 25%.
Offices (depending on room usage) 2.5-5.0 (For further details of dynamic effects and the derivation of maximum whee}
Educationnl felassrooms) 3.0 loaas see Sechion 5.1.)
Theatves {areas with fixed seating} 4.0 ) _
arehousing (general sioroge) 24 per m heigh (c) Moments and forces (due to u.d.L)
Wy {See Fip. 2.1.)
LLLiJIIHI!Il}Ti_I
2.3 WIND LOADS A 60:m a Seif weight IV {factored by y,) = 1.4 x 1.5 %50 = 12.6kN
Fig. 2.1 Ultimate midspan BM = W,L4/8 =12.6 x 6/8 = 9.0kNm
The wind loads used i the text are based on CP3, ChV, Part 2% (ag Ultimate reactions Ry = Rg = WL/Z=12.6/2 = 6.0kN
BS 6399): Part 2" was issucd too late o be mcorporated). Basic wind speed,
appropriate to the focation of the building, s selected and reduced to a design (d) Moments and forces {due to vertical wheal load)
wind speed using factors which take mnto consideration topography, y
surrounding buildings, height above ground level, component size and period Wheet load # ‘(mdudmg ¥r and 25% impact)
of exposure. The design wind speed 15 equated to a dynamic pressure q 2 tm d) o= 36m d’) = 1.6 x 1.25 x 220 =440kN
(kN/m?). Owing to building and roof shape, openings m walls, etc., pressures L=B0m B The positions of maving toads to give maximum values of moment and

and suetions, both external and internal, will anse. Pressure coefficients

Casa 1 shear force ase given n Section 3.2 and references (3, 4). The maximum
external (Cp.) and internal (C i) may be used as shown i Sechion 2.7.

values of each case are now grven (and see Fig. 2.2),

Feree on any element = (C,, — Cj)g x area of element Ultimate BM under wheel {case 1)

Wind datn with smitable factors and coefficients are given 1 reference (1), 30m d) =2 (L2 - c/d)z/L ,
The method of obtaining the quast-static wind load used in design is given 1n f\k L=60m _‘& =2 % 440{6.0/2 — 3.6/4)° /6.0 = 647 kNm .
. " )
greater detail in Secttons 2.7 and 12.4.3. Case 2 Ultimate BM under wheel {case 2)
= WoL/4 =440 x 6.0/4 = 660 kNm
2.4 LOAD COMBINATIONS Warl We Case 2 pives maximum ultimate BM of 660 kNm.
c=36m d) Zdm
Loads on any structure must be arranged in design so that the maximum force ﬁ L=80m —%‘
or moment is achieved at the point in the structare being considered. Hence Case 3

all realistic load combinations must be considered to ensure that all peak Fig. 2.2
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{e)

1.6

(z)

{t)

Ultimate reaction Ry (case 3)

=W A2 — /L)

= 440{2 — 3.6/6.0) = 616kN
Toial ullimate BM =8+ 660 = 669 kNm
Total ultimate reaction = 6 -+ 616 == 622 &N

Moments and forces (due to horizontal wheel ioad)

In addition to the vertica] loads and forces calculated nbove, horizontal surge
loading due to movement of the crab and hook load gives nise to honzontal
moments and forces {see Section 5.1) equal to 10% of these loads.

Honzontal surge foad ¥y (incl. y,) = 1.6 x (0.10(200 + 60)

e =41.6kN

This 1s divided between 4 wheels {assuming double-flanged wheels):
Honzonial wheel load ¥, = 41.6/4 = 10.4kN

Using calculations similar to those for vertical moments and forces:
Ultimate honzontali BM {case 2)

= L[4

= }0.4 x 6.0/4 =15.6 kNm
Ultimate honzontal reaction (case 3)

= Whol2 — /L)

= 10402 — 3.6/6.0)=14.6 kN

Note that the ¥ value of 1.6 may be reduced to 1.4 where vertical and
honzontal crone loads act together, and this combination must be checked in
practice (see Section 5.3).

EXAMPLE 2. LOADING OF CONTINUOUS SPANS

Obtain the maximum values of bending momest, shear force and reaction for
a coptinuous beam at the positions noted in (), {d), (&)

and (f).
BDimensions
Muin beams, spaced at 4.5 m centres, supporting a concrete slab {spanmng

one way only) for office accommmeodation, Steel beams are to have four
continuous spans of 8.0 m. Assume uniform section properties.

{oading
Self weight of beam LOKN/m
Concrete siab and fimsh 5.45N/m?
Irposed loading (offices)  3.0kN/m?

The dead loading (seif weight, slab znd finishes) s fixed, but the imposed
toading is moveable. The dead loading must be present {y, = 1.4), while
the imposed londing may be present {y, = 1.6} or absent.

LOADING AND LOAD COMBINATIONS 13-

For one span:

Self weight =10x80 = BEN
Slab + Anishes = 5.4 %45 % §.0= |04 kN
Dead ioaa Wy {total) = 22 kN

Imposed load #; =350 % 435 x 8.0=180kN

Maximum span load = 1.41V; + 1.6W; = 571 kN
Mimmum span load == 1.4J§, = 283 kN

Arrangements of losding to produce maximum moments and forces may be
found by mspection of the appropniate influsnce lines. The use of influence
lines to give the required amangements {patterns) of loading s described in
references {5, 6). An influence line shows the effect, say of bending moment,
é“c,m a moving unit load. Hence the maximum BM is obtaned by placing
the imposed loads where the mfuence is of one sign only, e.g. in Fig. 2.3 the
mexmum BM due te ymposed load at the middle of span 1 15 obtaised by
placing the ymposed load on spans 1 and 3. Load on spans 2 and 4 would
produce 4 BM of epposite sign at the pont considered.

In the design office, stundard loading arrangements ore used to speed up
this process of selection, with fluence lines used for more complex cages.

{c) Load pattern for mid-span moment M,

Maxumum vaiue of M, 15 produced when spans t and 3 have the maxumum
loading und spans 2 and 4 have the mnimum loading. Using the influence
lines shown, the loading pattems producing maximum effect may be
obtamed, and are summanzed below.

+ - & -
"
o O~ i —"T\
A B [ o £
Fip. 2.3 Influence line Bom B.6m 80m g.0m
for A} Span t Span 2 Span3d . Span 4

(d) Load pattern for support moment M,

Maximum value of My 15 produced when spens 1, 2 and 4 have the maximum
loading and span 3 has the mintmum loading {(Fig. 2.4).
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Fip. 2.4 1nfluence line
for Af;

Fig, 2.5 Influenze line
for Ry

Fig. 2.6 nflucnce line
for Sa

21 COMPIessIC

(e)

n

{g)

3 -
/——-—-\
£y [AY
A . 8 T C D E
i 2 3 4
Load pattern for reaction A,
Maximum as i1n (d) (Fig. 2.5).
¥ - +
T e
fa) iy B [ oY
* A 1 B 2 c 3 D 4 E
ioad pattern for shear force S,
Maximum as in {c) (Fig, 2.6).
T
Jay Ay —0 ) [A
A 1 B 4 c 3 ] 4 E

Asrangements of loading for maximum moments and forces:

Span loading (KN}

¥, W, w, B,
For momens A4} 57 283 371 283
for moment A, 571 371 283 571
For resction Ry 57t 571 283 51
For shear foree 55 57t 283 LY 571

Moments and forces

Moments and forces may be found by any analytical methed, bt for equal
span cases coeflicients are availab]cmi where, for example
M, = (ﬁ” ¥y +ap W, + a3 s+ &IHI‘VA)L
and My, Ry and Sy are given by sumilar expressions.
The coefficients @ may be summanzed:

oty ) S 2 S e AL

oo sy s e R IR

Cor padd

o 2Tl 34 Pt b Gt 3 s T MLy 20 b i

P D R TO N Yoy

oty i

Rl T PR LN ]
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- Flg. 2.7 Portal frame

2.7

(=)

)

Span loaded Moment or force coefficients o

M, My Ry Sas
1 0.094 0.068 0.652 .433
2 - 0.024 -~ {1.648 0.545 — 3040
2 0.006 0.014 — 0,680 0013
4 — D003 — {.005 0.027 ~— [.005

Hence the maximum value of A} oecurs with the load arrangernent shown
and

My = {0.094 x 571 — 0.024 % 283 + 0.006 % 571 — 0.003 x 283)3.0

=396 kNm
Simtarly,
My = —521 kNm
Ry = 6I6kN
Sap= 238N

EXAMPLE 3. LOADING OF A PORTAL FRAME

Frame

See Fig. .7: pitched portal with pinned feet; span 38 m, spaced at 6m
centres,

Framas at 6.0 m centres

E
BOm !
F =
Loading

Self weight of frame .90kN/m
Ciadding {roof and walls)  0.09 kN/m?
Snow and services 0.75kN/m?
Wind pressure ¢ {wals) L20kN/m?
Wind pressure q {roof) L20KN/m?

Wind pressures are based on a basic wind speed of 50 m/s for a lecation
Scotland.

Factorst® 51 and 5; are both taken as 1.0 ond factor &3 as 0.88 for 2 height of
i0m,

The design wind speed is henee 44 m/s, grving a dynamic pressure of
1.20kN/m>
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It 1s possible {0 use a lower wind pressure below a height of Sm but this
makes the anaiysis more complex for very little reduction 1n frame moments,

{c) Pressure coefficients

Extemal pressure coefficients { C,,) may be found and are summarized in the
following table. These values are obtained from reference (2).

Cp.-for frame member

AB BC cD DE
Wind on side 07 . =il 04 .25
Wind on end -5 -{1.6 ~B.6 ~0.5

Internal pressure coefficients (Cpy) should be obtamed!™, and are taken
this example as + 0.2 {maximum) and — 0.3 (minimum) which are
combined algebraically with the values of (), above.

Fipure 2.8 shows the individual pressure coefficients, snd Fig. 2.9 shows
the vartous combination cases.

1 ¥4 0.4 0.6 B.6
1 ;
0.7 C 5025 05 6.5 Fﬁ}\fq m
A E
{a} Wind on side " (8} Wind o ead {c} Intarnal prassure {¢} Internal sustion
Fig. 2.8
14 0.8 6.9 &1 0.8 D{,H 6.3 83
6.5 H/\Ll—gﬁs E_H/\Lgﬂ.ﬂs ‘Dlﬁ/\ﬁ_ﬂl EEH/\HEE
] e
Casa 1{a+b} Case Z [a + 0} Case 3 {tb+z) Cass 4 {h+ d}
Fig. 2.9
) {Coe — Cp) for frame member
Cnse AB BC ()] DE
1. Wind on side -t mternal 0.5 .4 —.h —0.45
pressure
2, Wind on side + miternal 1.0 —0.9 ~,f 0.05
s1scion
1, Wind on eand + internal -0.7 —0.8 ~0.8 -7
pressuse
4. Wind on end + mternal -2 —8.3 -0.3 —-8.2
suction :
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It may be noted that case 4 s similar to case 3, but has lower values and may
be discarded, o

{d) Member loads

Dead load on roof is calcutated on the prajected area {Fig. 2.10):

Self weight =09 x 18.3 = 175N
Cladding =0.09 x [9.3 x 6.0=10.5kN
Total ¥y = 28.0%N
Dead load on walls (Fig. 2.11):
Self weight = 0.9 x 5.5 = 5. 0kN
Cladding =009x55x60 =30kN
Total Wy, = §.0kN
I'ﬁ”n‘r
T TTTI T TR ELS
t}.OB\‘Nk“7 c 8
)
5 183 55m| Wew ¢ E
=1
[+
| 18,0 | A
Fig. .10 Fig, 2.11
W Imposed load on roof given on plan area (and services) {Fig. 2.12)%

EENERANEEEREEN)

Snow load ;=075 x 19.0 x 6.0=86kN

/ Wind loads for case (1) — wind on side 4 iniermnal pressure:

|B l Wind load on wall W, (Fig. 2,13} = 0.5 x 1.20 x 6.0 x 5.5 = 15kN

1\om
Flg. 2.12 Wind pressure on roof is divided into vertical and honzental components
(Fig. 2.14},
Vertical component .= ~14x1.20% 6.0 % 19.0 = —192 kN
Horzontal component W = —1.4 % 1,20 x 6.0 x 3.4 == ~34kN
Wi
IO L
B
T & W, DkN?I‘“z c
3 a= 1.2 =
55m| W, = E 3am
5m v = 8 @an 3
1l
Foe id 18.0m
A

Fig. 2.13 Fig. 214
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Fig. 2.15 Loading
sumiary

(e)

in the same manner wind foad for each member and each case may be
caleutated. The londing due to dead, imposed ana wind loads may be
summarized using the positive notation in Fip, 2,15,

IEREERERY W

W, Wy
W, We
N Unfactored loads (kN)
W, ¥, W, W, Wy W
Dead load ¥y 0 0 28 28 1} 0
tmposed load % 1] 1} 85 86 L] o
Wind case (1) 20 —34 192 I ~18
Wind case (2) W,y 0 -2 123 ~14 wl -2
Wind case (3} W5 —28 —20 —109 —102 =20 —28

Note that the wall dead load is not ineluded at this stage, os it does not
produce a bending moment. Values of ¥r are not yet included,

Forces and moments

The loads given in Fig. 2.15 may be used to obtain moments and forces by
any anaiytical method or by vse of charts or coefficients. Each load I has an
appropriate set of coefficienis e giving the required moment or force'®, For
any load ease, the effects of all six loads must be summed.

For dezad load:

Ho =31 W0 4 v Wa 4+ 33, 3 74 Wa o+ 15, W5 + 7, W -

and similarly for each force or moment.
The coefficients for elastic analyses may be calculated and tabulated:

Coelficient « for moment or force

Load H, H, v, v, M, M, Ay
(KN}  (kN) ) (RN (kNm)}  (kNm)  (kNm)
W, -0.806  0.194 —0072 0072 i.683 - —0351  -1.067
1w,y —0.541 0459 0188 0189 2975 0485  —2.525
a 0434 0434 0750 6250 —2.385 0.890  —2.385
Y, 0434 0434 0250 0750 2385 0.89¢  ~2.385
1A 0459 ~0.541 0189 —0.189 —2.525 0485  ~2.975
", 0.194 —0.806 0072 0072 —L067 0351 1.683
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R R e

Each foree or moment may be calculated using equations similar to that given
for H, abave.

The expression of coefficients («) and loads {F) as arrays allows for
cambining by use of & computer prograr. This would be of particuiar
advantage if matrix multiplication was available.

{#WHal = {F)

By computer or by hand the moments and forces are calcslated and
tabulated:

Value of moment or force due to unfactored loads

H, H, ¥, V. M, M, M,

{kN} {kN) (kM) (kIN} {kNm) (kNm) fhNm)
Wy 243 24.3 2840 28.0 —-133.6 49.8 ~§33.6
i) 74.6 4.6 850 86.0 —410.2 £53.1 —4186.2
ot —127.0  —-108.0 —163.6 1104 643.1 ~220.8 643.1
oy -81.1 ~39.1 —95.0 —42.0 3358 —123.6 3303
W —758 -738 -109.0 -109.0 491.7 —155.0 493.7

Combinations and load facters

Combinations of load must now be considered and at this stage the values of
¥ may be icluded. Possible combinations are:

Group | Pead + mposed
Group 2 Dead + wind

T4y + 1.6,

1.4, 4 1 417,

1.4V + LTV,

T aWy + L 4y

P20y 4 0. 200 4 2V,
P21V, 4 1.20, 4 1.217,,
F2Wy + L2W, 4 1.2,
1.0W,; + L4V,

1O0W; + 1. 417,

Group 3 Dead + imposed + wind
Group 4 Dead {restrmming uplift) + wind

Group 4 15 itended for use when considenng restraint apamst uplift or
overtuming, 1.e. maximum wind plus minimum dead load. Some combina-
tions may be elimimated by inspection, but care must be tuken to relam
combinations giving maximum values of oppasite sign. Some of the
combinations in Groups 2 amd 3 have been discarded m the following
table.

For group | combination (1.4, + 1.6I;):

Hy=14x243+ 1.6 x74.6 = 153kN
Fraome forees (kN} and moments (kNm) for factored lcads:



http://www.cvisiontech.com/pdf_compressor_31.html

26 STRUCTURAL STEELWORK DESIGN TO BS 5950 LOADING AND LOAD COMBINATIONS 27

2. Wi i itish art 2
Grou A A, v v, o, A " ind Loading British Standard Institute CP3, Chapter V, Part
' 3. Moving loads effects - Dlarshall W.T. & Nelson H.M. 11950) Woving loads

l. L4y and influence lines, Strucenres, pp. 79-106. Longman
EGHF; 153 153 177 177 843 s —B43 :
5 +].dIV; 4. Moving lnad effectz Wang C.K. {1983) Influence lines for stoucally
S, Z134 =117 -190  —i1§ T3 239 713 determunate beams, Itermediaz Structural dnalvsis,
3 207, ! pp. 459-67. McGeraw-Hill
+ AW, ; 5. Isfluence lines Coates R.C., Coutie ALG. & Kong F.K. (1988)
+1.21V,, 1t 48 23 86 250 95 —256 i Mueller-Breslau's principle. Model analvsis, Structural
4. 1.0V, H dAnalvsis, pp. 127-31. Van Nostrand Remnhold
141, ~154 127 =201 ~117 754 159+ 764+ H .
+l (}Wdl ! 6. Influence lines Wang C.E (1983) Influence lines for stancally
! determinate beams, Jntermediate Strucniral Analysis
LA, -82 82 -135 ~|2 ST —167 557 i y : H
FhAaltu 25 3 1 pp. 496-503. McGraw-Hill
® While these vaiues are maxima {opposie sign} the group 4 combinaions (BS 5950} are to eover uplift and :
g only, L y, hawever, {or all the effects of 3 foad combination to be considesed {see xlso 7. BM and SF coefBoents {1992),Dc5,lgn thef}ry, Steal Desrgner s Mamal,
Chaplzr 12). - pp. 1053i-4, Blackwell

. 8. BM and SF coefficients  (1992) Design theory, Stee! Designer’s Manuai,
Maximum and minimum values may be selected from the table. Bending pp. 1080-97. Blackwel!

moment diagrams may be drawn as shown in Figs. 2.16 and 2.17.

C H

Fig. 2.16 Bending
moments A _ . ‘
for combination t BMs in xNm

Fig. 2.17 Bending
maonents
for combinanhon 2

Finally the effect of wall dead load can be added, if axial force m the
coiumns 1s required {eombination 1)

Maximum axial force M A= 177+ L4 x 8.2= 190kN
Mintmum axial foree at A = — 200 + L0 x 8.2 = —201 kN

The alternative method of analysts 13 by application of plastic theory isse
Chapter 13). In this elastic analysis of a portal frame, the loading
combinations can be added, but in Chapter 13 each load combination
produces s own unique collapse mechamsm, i.e. each load combination
must be analysed independently when applying plastic theory.

STUDY REFERENCES

Topic References

1. Loading 8BS 6398 Design Loading for Buildings
Part 1: Dead and imposed loads {1984)
Part 2: Wind loads (1995) i
Part 3: Jmposed roof loads (1988)
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Fig. 3.1 Load distribution
fexeluding
self weight)

3

BEAMS IN BUILDINGS

Most buildings are intended to provide load carrying floors, and to contain
these within a weathertight envelope. In some structural frameworks the
weathertight function is not needed, while the load carrying furniction only 1s
required, e.g. supporting chemical plant. The joads to be supported are often
placed on floor slabs of concrete, or on steel or timber grid floors, and these
are 1 tum supported on the steelwork beams, In some cases, especially in
industrial buildings, loads from equipment may be placed direetly on to the
beams without the use of 2 floor slab. Wind loads also must be carried to the
beams by provision of cladding of adequate strength, and by secondary
members such as purlins and side rails.

Beams which camy loads from Hoors or other beams to the columns are
genenally called main beams. Secondary beams will be provided to transfer
load to the main beams, or in some cases just to give kateral stabiiity to
columns, while themselves carrymng only their self weight. The manner in
whici loads are distributed from the floars on to the beams needs careful
consideration so that each beam is designed for a realistic proportion of the
total load. Examples of load distribution for one-way and two-way spanning
slabg are shown in Fig. 3.1.

" Bewn 1 Ly . Heam 1 .
1 3] N [ 34 FETT 1 ! I [N 1
~ P Poided 1 14
N - PIFE L 81 0]
“ ~ i 4 I boEolE ]
5 > E b e
" e ™ o
5 P ~ s 1 ¢ H |
= I . @l g I 13 |
- K RUREREN
H H H-L H
Concrets stab or grid {loor Precast units or other Boor
spanning 1zt both directions spanning in one direction
A A} A AN

Besm 1 loading Beam 1 Joading

P

Beam 2 laading Beam 2 ne leading

LG, W il s bt

Ry

i)

R Y LT A S e P

Ay

e un i i i

e
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3.1

3.2

BEAMS WITH FULL LATERAL RESTRAINT

Many besms in a steel framework will be restramed laterally by the floors
which transmit the loads to them. Conerete fioor skabs, and wall or roof
cladding, are generally able to give this lateral support or sestrisnt. Timber
floors and open steel floors are Jess certain providing restraint. The depree
of attachment of the flange to the foor may necd to be assessed'!

Altematively, lateral restramt may be provided by bracing members at
specific points slong the beams'", If adequate bracing or fleor slab restraint 15
present then Interal torsional instability will be prevenied. In addition, this
need not be considered for beams 1 which:

s the section 15 bent abost a minor axis, or
o the section has a high torsional stiffness, e.g- a rectangular hollow
sechon.

Beams, in which lateral torsional mstability will ot occur, are classed as
restratned and are designed as illustrated in Section 3.7

BEAMS WITHOUT FULL LATERAL RESTRAINT

An understanding of the behaviour of struts™ will be useful in appreciating
the behaviour of beams where full lateral restraint 1s not provided. The
compresston fiange of such membes will show a tendency to fail by buckling
sideways (iaternlly) 1n the most fexible plane. Design factors which wili
mfluence the lateral stability can be summarized as:

o the length of the member between adeguate iateral restrainis;

s  the shape of the cross-section;

e the vanation of moment along the beam;

o the form of end restraint provided;

o the manner in which the load is appKed, 1e. 1o tension or
compression flange.

These factars and their effects are discussed in detail in reference (13, and are
set out 1 clause 4.3.7 of BS 5950. The buckling resisiance (M,) of a beam
may be found by vse of 2 number of parameters and factors:

o Lffective length {L;), which allows for the effects of end restramt
as well as type of beam, and the existerce of destabilizing forces.

e  Minor axis slenderness (1), which mchudes lateral stiffiess in the
form of r,, and 15 defined by 4 = Lg/r,.

e  Torsional index (x), which 15 2 measure of the torsional stiffness of
a eross-section.

o Slenderness factor {v), which allows for torsional stiffness znd
includes the ratio of 4/x.

s  Slenderness correction factor (n), which 15 dependent on the
moment vanation along the beam,

¢  Buckling parameter (1), which allows for section Lype and

mecludes a factor for warping,
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13

1 ‘

ression,;:OCR,;

e Equivalent slenderness (1;7), which combines the above para-
meters and from which the bending strength () may be denved:

Ay = nuuA

In addition, an equivalent moment factor {m) 1 used which allows for the
effect of moment vanation along the beam,

SIMPLIFIED DESIGN PROCEDURES

The design of many simple beams will not require the calculation of all the
abeve parameters. In parncular, simply supported beams camrying diseributed
loads and not subjected to destabilizing loads will use:

m=1.0

n = .94

u =09 (for1, H and channel sections) or from published tables
= 1.0 (for other sections])

A conservative approach 1s allowed in BS 5950 and may be used in the
dessgn of 1 and H sections only, basing the bending strength {p;) on the
destgn strength, the minor axis slendemess (4) and the torsione! index (x),
which for this method may be approximated to D/ T. This spproach 1s useful
in the preliminary sizing of members and 1$ grven in clause 4.3.7.7.

MOMENT CAPACITY OF MEMBERS (LOCAL CAPACITY
CHECK)

The local moment capacity (M) at any crtical pownt along 3 member must
not be less than the applied bending moment at that point. The moment
capacity will depend on:

e the design strength and the elastic or plastic modulus;
o the co-existent shear;
@ the possibility of local buckling of the crogs-section.

Providing the applied shear force 1s not more than 0.6 of the shear capacity,
no reduction mn moment capacity s needed, ang

M, = p,§
but M. 2 1.2p,2

where 8 is the plastic modulus
Z is the elastic moduius

Note that the limstatson 1.2p,Z is to prevent the onset of plasticity below
working load. For UB, UC and joist sections the ratio 5/7Z is less than §.2 and
the plastic momenl capacity governs design. For sections where S/2 > 1.2,
the constant 1.2 is replaced by the mtio (y,) of factored load/unfactored lond.
The limnation .2p,Z is therefore purely nottonal and becomes in practice
Yoy L. .

IF 0.6 of shear capacity is exceeded, seme reduction in M, will oceur as set
out m clause 4.2.6.

BEAMS IN BUILDINGS 31
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3.6

Loeal buckling can be avoided by spplymg a limitation to the
width/thickness ratos of elements of the cross-section. This leads (o the
classification of cross-sections discussed in Section 1.7,

Where members are subjecled 1o bending about both axes a combination
relationship must be sansfied:

(a}  For plastic and compact sections:
For UB, UC and joist sections (M,/,\-r,,,f e Ay [ (M) 3
For RHS, CHS and solid sections  (8,/M. Y7 + M, {A,)57 %1
For channel, angle and all other sections MMt My /Mo 3}
where M, M, are applied moments about x and y axes
M., M, are momeni capacities aboui x and y axes

(B} For semi-compafi and slender sections:

tand ns a simplified method for compact sections m {a) abo\;e)
MfMe + MM, # 1

BUCKLING RESISTANCE (MEMBER BUCKLING CHECK)

Members not provided with full lateral restramt (Section 3.2) must be
checked for lateral torsional buckling resistance {3,) as well as moment
capacity. The buckling reststance depends on the bending strength (Section
3.2) ond the plastic modulus:

My = pp S;

Where members are subjected to bending abowt both axes {without axial
load) a combination relanonship must be satisfied:

Mg Mo/ My + m, My /My, F 1

where  ni;, m, are equivalent uniform moment factors
M, 15 the moment capacity abon the y axis but without the
resteiction of 1.2p,Z (ns 1 Section 3.4).

This 15 deseribed as a ‘more exact’ approach {clause 4.8.3.1.2) which 15
less conservative then the *simplified’ approach (clause 4.8.3.3.1), s which
M.y 15 defined as p,Z,.. Also, a simplified approach for bending about two
axes (without axint load) does not reduce the calculztions.

OTHER CONSIDERATIONS

In addition to the above requirements for moment capacity and buckling
resistance, a member 1s useajly required to meet some deflection critena.
These are outlined in Section 1.5 and reference (1).

The application of heavy loads or resctions to @ member may produse high
local stresses and it 1s necessary to check that the web beanng and web
buckling requuements are satisfied. These requirements are generally
sigaificant only in beams carrymg heavy point loads such s crane pirders
(Chapter 5) or beams supporting column members within the span.

“web-optimization Witr -CVISIUN'S FATLompresso
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Connections must be provided at junctions belween members and must
safely transmit the calculated loads from one member to the next. A varicty
of connection details exist for most commen situations and are fully
described in the SCI handbook'™ Design information for consections is
given in section 6, BS 5950, which includes some guidance on bolt spacing
and edge distances. Boit and weld sizes and capacities are given i
reference (3).

3.7 EXAMPLE 4, BEAM SUPPORTING CONCRETE FLOOR SLAB
{RESTRAINED BEAM)

(a) Dimensions

-

{See Fig. 3.2)

Beams centres 60m
Span (stmply supported) 74m
Concrete slab (spanming in two directions) 250 mm thick
Fintshing screed 40mm thick
Mazin bearn
bt ain al 1
40 mm screed
N
i
5 I 250 mm slab I
o - 6.0 m
. 74m . '
Typical bay of larger floor area
L} [T |
Fig. 3.2 Slab and beamy B P
{b) Loading

Concrete slab 23.7 kN/m®
Screed (40 mim) 0.9 kamf
Imposed load 5.0 kN/m*

For preliminary caleulation, an estimated self weight 15 tncluded. Assume
beam to be 533 x 210 x 92 UB (grade 43A). It is sufficiently accurate to take
beam weight of 92 kg/m =0.92 kN/m. Member size must be finally
confirmed afier all the design checks have been camied out.
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(d)

clause 4.2.3

(e)

L\ =F Self weight 052x74 =TkN
. s Dead foad slab ~ 23.7x 0.250 = 5.93 KN/’
i Desd load screed =0.90 kN/m?
/,f’ E 6.83 kKN/m?
- #i}  Area of siab supporied by beam (Fig. 3.3}
| rectangles  2x14x30 = B4m®
20m idm A6m tmangles 4%3.0x3.0/2 =18.0m?
Dead load W

on rectangies
on tnangles

Imposed load ¥

683Ix B4 = 5TKN
6.83x 180 =123 kN

on rectangles
on triangles

5.0x84 = 42kN
5.0x18.0 = S0 kN

Ultimate load (factored) (Fig. 3.4):

uniformly distributed 14x7 = 10kN

on rectangies 14574 1.6 x42 =147 kN
on triangles 14x123 416 x90 =116 kN
BM and SF

(See Fig. 3.5.)

Maximum ultimate moment M, (mid-span)
=10%74/8+232% 3.0 — 158 x 1.7 = 74 x 10.35= 573 kNm
Maximum ultimate shear force F, = 10/2 + 232 =237 kN

Shear capacity

Using the design strength from Table 1.2 for grade 43A steel, notng that
maximum thickness of section is 15.6 mm:
Py =275 N/mm?
Shear capacity P, =0.6 p, A,

=0.6 x0.275 x 521.1 x 10.2 =897 kN
Shear force F, /P, =026

Therefore, as F,./P, <0.6, there will be no reduction 1 moment capacity {see
clanse 4.2.5).

Moment capacity

The concrete siab provides fuil restraint fo the compression flange (Fig. 3.6),
and lateral torsional buckling is not considered. The chosen UB 15
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clause 3.5.2
clause 4.2.5

M

B table 5

(2)

200.50x8Gx101s
aD0 jong

Column

a plastic section (6/T=6.7) and at mid-span the shear force is zero.
M= p, 8 =275 % 2370 x 107 = 651 kNm

Note that because the units are p, (N/mmz) and §; fcm®) then the 1072
must be included for A, 1 order to gbimin the correct umit of kNm.
Alternatively, there 15 no need for 1077 if 0.275 N/mm? is used for Py
Bui

Mo % 12 p Z,=17 x 275 x 2080 x 1077 = 686 kNm

MNaote that for | and H sections bent about the x axis the expression p,S;
governs the design. For bending about the y axis, however, the expression
.2 p,Z, governs the design. The factor 1.2 in this expression may be
mcreased to the ratio faciored loadfunfactored load (clause 4.2.5):

M, M, = 573/632 =0 88

Section s satisfactory,

Deflection

Deflection (which 15 a serviceability limit state) must be calculated on the
basis of the unfactored imposed loads:

w00 442 =132 kN

Assume the foad 15 epproximately tnonpulsr and hence formulze are
available for deflection caleulations'®

5, =W LY60ES, 7
= 132 x T400%/(60 % 205 x 55 400 x 10%)
=B.4 mm

Deflection lmt = 00360 =20.6 mm

Connection

The design of connections which are both robust and practicable, yet
economic, 18 developed by expenience, Typical examples may be found in
references (4, 7).

The connection at each end of the beam must be able to transmat the
ultimate shear force of 237 kN 1o the column or other suppost. The
connection forms part of the beam, i.e. the point of support 15 the column to
cleat mterface. Design practice assumes that the column bolts suppont shear
force only, while the beam bolts carry shear force, together with a small
bending moment.

BM=237%x0.05=12.1 kNm

Assume 9 bolts, 22 mm diameter (grade 4.6} as shown m Fig. 3.7.
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0]

clause 6.3.2

clanse 6.3.3.2

clause 6.3.3.3

35.7
NG |
@ P% Forces kN
|
— (11)
o Directian
of 8.4 kN
rasuliant

ﬁwf\

|

Fig. 3.8

clause 6.3.3.3

(iit)

elause 4.2.3

eb-optimization With

COLUMN BOLTS

Veriical shear/bolt =237/6 =39.5kN  (single shear)

Shear capacity P, =p, A,, where A, 15 the cross-sectional area at the root of
the bolt thread:

P.=0,160 x 303 = 48.5 kN /bolt
Beaning capasity of bolts Pyy = dipy,,:
Ppy =22 3 H x 0.460 = 1)1 kN/bolt

Beanng capacity of the angles {dtpp,) s the same as that for bolts, becanse
P, for grade-43A steel has the same value as p,, for grade 4.6 bolts, Le.
460 N/mm”. In addition, the bearing capacity of the angles must comply with
the cntenon, Py, # efpy, /2 {e defined in Fig, 3.7).

Py,=50x 10 x 0.460/2 = 115 kN/bolt

Note that the column flange will also require checking if it ¢s iess than 10 mm
thick. Column bolt connection 1s satisfactory. Capacities of boits and beanng

" values may altematively be obtatned from reference (5),

BEAM BOLTS

{See Fig. 3.8.)
Double shear capacity /bolt P, =2 x 0.160 x 303 =97.0kN
Vertical shear/holt =242/3=80.7kN (double shear)

Maximus honzontal bolt foreces
are discussed in Section 8.4.

= {Md, .../ d*) due 1o bending moment

Horzontal shear/bolt =11.9 x 0.15/(2 x 0.15%) = 39,7 kN
Resultant shear/bolt = ,/(R0.7° + 39.7%) = 88.4 kN

Beaning capacity of bolt, Py, = dtpy,
=22 x 10.2 x 460 = 97.6 k¥

As py, = Py, then beaning capacity of the web plate 15 the same as for the bolt.
Alss, Py # e/2=89x 10.2 x 460/2 =200 kN

ANGLE CLEATS

Shear area of cleats (aHowing for 24 mm holes)

= 094400 % 13 x 2 — 3 x 2 x 10 % 24y= 5904 mum*
Shear capacity P, = 0.6 x 0.275 x 5904 =574 kN -

A check for bending may also be carmed out but will generally give a high
hending capacuy relative to the opplied moment™
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3.8

(@)

Fig. 3.9 Plant ipads

{b)

40m

EXAMPLE 5. BEAM SUPPORTING PLANT LOADS
(UNRESTRAINED BEAM)

Dimenstons
Man beam is simply supported and spans 9.0 m (Fig. 3.9). Boiless are

supporied symmetnczlly on secondary beams (A and B) of spar 6.0 m, which
are at 5.0 m centres,

3 3 - ]- 1 -l
E -
= 15m 5m | 15m 15m
2 - -
I Beams A
Boiler
Isuppons
z &
a g E
E £ ™~
= 3
1
Beams 8 an
, _1
A I T
; [ EOm \ 59m
t 1
!
Loading
Boiler loading {each) 400 kN "
Open steel floonng (carrted on beams A and B) 8.3 Iv:N/m2
Imposed load {outside boiler area) 4.5 KN/

The boilers produce reactions of 100 kN at the end of each secondary beam,
Allow 4.0 kN for the self weight of each secondary beam {not designed here).
Assume 618 x 305 x 149 UB (grade 43) for main beam.

Self wesght (ultimate) =1.4 x 9.0 x 1.49 =188 kN
With reference to Fig. 3.10:

Flooring on beam A =03x40x60 = 72kN
Imposed load on beam A =4.5x 3.0 x 4.0 =34.0 kN

i
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clause 4.2.3

(e)

clause 3.5.2

With reference to Fig, 3.11:

Floonng on beam B = 54 kN
Imposed load on beam B =40.5 kN

Ultimate pomnt load W, = | 4{4.0 + 1.2) 4 L6200 +54) =422 kN
Ultirate point foad Wp=1.4{4.0 4 5.4) + 160200 + 40.5) = 3198 kN

BM and SF

Ultimate shear force

Fyw= 19/2 % 422 % 6.0/9.0 4 398 x 1.0/9.0 =335 kN
Ultimate shear force

F3= 192 x 398 x 8.0/9.0 + 422 x 3.0/9.0 = 504 kN
With reference to Fig, 3.12:

Ultimate moment Af, =335 x 3.0 = 1865 kNm
Ultimate moment My =504 x 1.0 = 504 kNm

Hote that in caleuiating the moments, the small reduction due to the self
weight is ignored,

Shear capacity

Design strength p, for steel 19.7 mm thick (grade 43A) =265 N/mm? (see
Table 1.2).

Shear capaesty P, = 0.6 p,d, A
=0.6x265x609.6 x 11.9x 107" = 1153 kN

Shear force Fy, =335 kN
FyP, =335/1153=0.29
Shear force F;, =504 kN

F3fP, = 504/1153 = 0.44 < 0.6

This maximum coexstent shear force 15 present at pomt B, whiie the
maximum moment occurs at pomnt A,

Moment capacity

The chosen section 15 a plastic section (W/T= 1.7}.

Moment capacity M, = iy 5,
= 265 x 4570 x 107% = 1210 kNm
Moment mtio AL, /M, = [005/1210+=0.83 < |

Section 15 saiisfactory.
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)]

elause 4.1.5

BS table 14
BS inble 13
clause 4.3.7.5

BS tabie 1}

clause 4.3.7.2,
BS 1ables 13, 18

Buclding resistance

The buckling resistance momeni of the beam i the part-span AB must be
found, and in this part the moment vanes ffom 504 kNmi to 1005 kNm. It 1s
assumed (hat the steel floonag does aot provide Iateral restraint, but that the
secondary beams give positional and rotational restraint at 3.0 m spacing.
Loading between the restramis 15 of a minor nature (self weight only) and is
ignored for use of BS table 13 as it would affect the moments by less than
10% {see also BS 1able [6).

LE =50m
Stenderness & =1 /1,
= 5000/69.9 = 72 (both r, and Lp given n mm)
Torsional index x = 32.3
My =212
v =094 {for N==0.5, 1.e. equal flanges)
n = 1.0 (for member not loaded between restraints)
i =0.886
Agr =nuvd
= ].0 x 0.886 x .04 x 72 =60

Bending strength  p, =207 N/mm?
Buckling resistance 3, =p, 5,
=207 x 4570 x 107> =946 kNm

Equivaient uniform moment factor m needs to be obtained for a member not
loaded between restrainis:

f = 3504/1005 =050

hence m =076

Equivalent uniform moment M = mdd,
=0.76 x 1005 = 764 kNm

hence ;\-—!/Mb= 764/646 = 0.81 and section is satisfaciory.
Fry a smaller section {610 x 229 x 140 UB):

S, =4150 cm®
A =594
Py = 161 Nimm®
My = 668 KNm
M A, =114

which 15 not satisfactory.

This companson indicates the sensitivity of the buckling resistance
moment to small changes i sechon properties, parhicularly to & reduction
flange width.

1y

eb-optimization W
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A0 kN
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~
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Fig. 3.13

2 ne. 100x 100 x12 Ls
508 long

{h)

108 Beam

122 bolts
Lo

Fig. 314"

Columa

O]

clause 6.2.3
clause 6.3.3.3

Deflection
Calculation of the deflection for the serviceability imposed loading cannot be

carned easily by the use of formulae, which become complex for non-
standard cases. Serviceability point load

W,=200+54 =254 kN
Wgy=200+40.5 =240 kN

With reference to Fig. 3.13, mid-span deflection may be found by the
moment-area method®%:

5= [ (Mx)/Ehdx
= (149 x 0.667 + 1045 x 2.75 + 355 % 3.333)/
{205 x 124660 = 107} =16.3 mm

Caleuiation by Macaulay's method!"™'"? gives the point of maxmmum
deflection 4.65 m from suppornt 2 with a value of 17.6 mm,

Deflection limit = 9000/200 =45 mm

An approxsmate estimate of deflection 15 ofien obtained by treating the foad
as an equsvatent u.d.l.

Connection

The connection at support 2 of the mam beam must transmit en uitimate sheor
force of 504 kN and foliows the method piven i Section 3.7(g):

M=504 x 0.05=253 kNm

Assume 22 mm bolts {grade B.8) as shown m Fig. 3.14.

g -
COLUMN BOLTS i

Vertical shear/boit F, =3504/10 = 50.4 kN

Shear capacity/bolt P, = 0375 x 303 =114 kN

Beanng capacity of englesfbolt P, =22 x 12 x 0.460 = 12] kN
but Py /bolt 50 x 12 x 0.460/2 =138 kN

i

Note that the celumn flange will require checking if less than 12 mm thick.
Columa bolt connection is satisfactory.
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{ii) BEAM BOLTS 9. Moment-ares method  Contes R, Coutie M.G. & Keng F.K. (1988) 7

Moment-area methods, Skrucniral Analysis, pp. 176-81.

{See Fig. 3.15) Van Nostrand Rembold

- 10. Deflection Marshsll W.T. & Nelson H.M. (1990) Singulenty
Vertical shear/bolt = 5(4/5 = 100.8 kN functions, Structures, pp. 233-8. Longman
Honizontal shear/bolt :-—-;‘vldm‘,_,lzd:’ 11. Deflection Hearn E.J. {1985} Slope and deflection of beams

=253 x 0.20/2(0.10* +0.202) Mechames of Materials volb. 1, pp. 1027, E’ergnm]nn
=50.6 kN

Resultant shear/bolt =/ (100.8* +506%) =113 kN
Shear capacity {double shear) =0,375 x 2 x 303 =227 kN’

clause 6.3.3.3 Bearing capacity/bolt Py =22 x 11.9 % 1.035 =271 kN,
Beanng capacity of web plate Py, =22 x 11.9 x 0.460 = 120 kN

but Pu #89 x 11.9 x 0.460/2 =243 kN

Beam bolt connection is satisfactory.

»

(iti} ANGLE CLEATS

e —Brection t
/ /uf 3N Shear area of cleats {24 mm holes)
) \\/ E resultent =0.9{500 x 12 x 2 — §% 2 x 12 x 24) = 8208 mm?
ki dﬂi Shear capucity P, = 0.6 x 0.275 x 8208 = 1350 kN
‘:%}_ clause 4.2.3 F,/P, =504/1350=037
i
: i

Connecction cieat 15 satisfactory.
Fig. 3.15 ;
i

t

'
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Fig. 4.1 Cold formed
purlins

4.1

4

PURLINS AND SIDE RAILS

In the UK purlins and side rails used in the consiruction of industrial
buildings are ofien fabricated from cold formed sections, These sechions can
be destgned in accordance with Part 3 of BS 5930, but the load tabies for
these sechions are frequently based on test data. The sections are marketed by
compammes specializmg in this feld who will normally give the appropriate
spans and allowed loadings in thewr catalogues. Sections of this kind are
eommonly of charnel or zed form as iltustrated in Fig. 4.1 Akhough thesr
design s not covered in this chapter, the selection of cold formed sections 15
discussed ip Chapier 2.

Sigma Zad Zeta

Hot rolied sections may be used as an alternative, and in some siations
may be preferved to cold formed sections. The design of angles and hellow
secnions may be camed out by empineal methods which are covered by
clause 4.12.4, The full design procedure (i.e. non-empirical) 1s set out 1n this
chapter.

DESIGN REQUIREMENTS FOR PURLINS AND SIDE RAILS

The design of steelwork i beading s dependent an the degree of lateral
restrmnt given to the compression flange and the torsional restramt of the
beam, and also on the degree of lateral/torsional restrmnt grven at the beam
supports. These restrainds are given in detail in elause 4.3 and have been
discussed and demonstrated 1 Chapter 3. Side rails and purlins may be
considered to have lateral restraint of the compression flange owing to the
presence of the cladding, based on adequate fixings {ciause 4.12.}). Loads
wili be transferred to the steel member via the cladding (see Fig. 4.2), and the

PUALING AND SIDE RALS 43

Fig. 4.2

4.2

(a)

(B)

Wytor Wear W)

B8 m
at 2.0 m centres
Fig. 4.3

2087
Q\aﬁé‘“q ouit

dead, rmposed and wind pressure loads will cause the Range restramed by the
cisdding fe be in compression. Wind suction 10ad can, however, reverse this

. arrangement, i.e. the unrestrained fiange will be in compression. Torsional

restraat 1o 3 beam mvolves both flanges bemg held in pesition and for purlins
and side rails this will be tnie only at the supports. .

Side rails are subjected to both vertical loading ¢cladding) and honzomat
ipading {wind pressure/sncticn), but in general the vertical loading 1s
considered to be taken by the cladding acting as & deep girder. Consequently,
only moments 1n the horizomal plane fdue to wind) sre considered in design.
In the design of new construction where the cladding is peneirated by holes
for access, ductwork of conveyors, the design engmeer should be satisfied
that the cladding end fixings arc capable of acling in this manner.

Sag rods are sometimes used to reduce the effective length of purhing and
side rails, and result in continuous beam design (see Section 4.4). Where sag
rods: are used, provision must be made for the end reaction on eaves or apex
beams. As 1s shown in the following examples, there 1s no reason why purlins
sad side rails should not be designed as beams subject to binxial bending
accordance with the normal desipgn rules.

1
} !
EXAMPLE 6. PURLIN ON SLOPING ROOF

Dimensions

See Fig. 4.2: purlias at 2.0 m centres; span 6.0 m simply supported; rafier
slope 20°.

Loading .

Dead toad {claddiag + insulation paﬁels) 0.15 i:N/’m2
Imposed load 0.75 kN/m? {on plan)
Wignd foad {}_‘llf}-I\:N/m2 (suction)

Reference should be made 10 Chapter 2 for the derivation of loads, the
direction in which each will act, and the ares appropnate to each load.
Maxemum values of bending moment and shear force must be found at the
uitimate limit state making due allowance for the stope angle and including
the ¥, factors.

Assume purlin to be 152 x 76 channel section, grade 43A steel {see
Fig. 4.3).
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Cladding 20 x6.0x0.55=1.80 kN (e) Moment capacity
Self weight 6.0 x 0.18 = .08 kN
Total dead load Wy==2.88 kN The section ciassification of a chenne] subject to biaxial bending depends on
Imposed load =2.0 cos 20° x 6.0'x 0.75 ; &/T and d/t which i this case are .47 and 16.5, respectively. The channet is
W, =846 kN 3 BS table 7 therefore a plastic section, Hence, the moment capacity
Wind load  =2.0x6.0x(—0.40) 2
W, =—480 kN
_ ' clause 4.2.5 Mo p, S,=1275 % 130 x 107* =358 kNm
w4\ Wor The rafter siope of Z{0° results in purlins at the same anple. Components of
: ; o load nre used to calculate moments about the x and y axes, Le. normat and but M. must not exceed 1.2 Pyl
Tig. 4.4 Wy tangential to the mfter (Fig. 4.4). As with side rails, it would be possible to =L2Ix275% 112 x 167 =37.0 kNm
ignore bending w the plane of the cladding, but in practice, binxial bending is .
usually eonsidered in purlin desim. Note that ;U"" maust be mcluded to grve M in KNm, when N/mm? for
i Fa —2.88 cos 20° =271 N gzsa&ciscm for §,. Altcmanvply, Py may be expressed as 0.275 ¥Nfmm?,
requires care later when axial forces and stresses are used.
Wy =2.88 sin 20° =0.99 kN
W =8.46 cos 20° =1.95 kN qupysy=o.275 *x4t1=114 kN m
W, =8.46 5in 20° =2.80 kN
W= —480 kN The ratie §,/Z, 15 greater than 1.7 snd hence the constant 1.2 is replaced by
! Note that ¥, 15 zero as wind pressure 18 perpendicular to the surface on the ratio factored load/unfactored ioad (6.0/[0.99 -+ 2.89] = | .55).
which it acts, 1.c. normal to the rafier.
4 Mo, must not exceed 1.55 p,Z,
Ultimate load Fr=14x2.71 + 1.6 x 7.95 = 16.5 kN =155x0275x21.0= 9.0 kNm
where 14 and 1.6 are the appropnate 4 factors (Section 1.7). The local capacity check may now be carried out (Section 34y
(¢} BM and SF MM+ M /M, # 1 (for a channel section)
12.4/35.8--4.5/9.0 = 0.85
T [ﬂI’*INl R Max. ultimate moment A, =16.5 x 6.0/8 =124 kNm _
5 pal Max. uitimate shear force F, = 16.5/2 = §.3IKN The loeal capacity of the section is therefore adequare.
Similarly, W, =60kN
M, = 4.5 kNm
Fy=3.01N

(f} Buckling resistance

N The buckling resistance moment M, of the sechion does not need to be found

because the beam 15 restramed by the cladding m the r plane (Fig. 4.6) and
mstability 15 not considered for a moment sbout the mmar axis {Fig. 4.7)
(Section 3.1),

Fig. 4.5

(d) Shear capacity

Design strength p,, 15 given m Table 1.2 and for the selected purlin seetion 15

275 Nimm?
Shear area A =1524 % 6.4 =975 mm>
clause 4.2.3 Shear capacity P, =0.6 p,.d,,

=0.6%275x 975 x 107> = 161 kN
Shear area Ay =094,

=09 %2 x 76,2 x 0.0 == 1234 mm®
Shear capacity £,, = 0.6 x 275 x 1234 x 107> =204 kN

It may be noted that in purlin design, shear capacity is nsually high relative to
shear force.

- COMMIDIE U, UUR
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(2

clause 4.3.5

BS iable 14

BS table 16

Clause 4,3.7.4
BS rable 11

BS table 13

Wind suction

The effect of the wind suction load has so far nof been considered, and in
some situations it could be critical. In combination with loads 7, and W, o
lower total load W is clearly produced.

Ultimate foad ¥, =1.0x 271+ 14 x 4. 8= —401 kN
M, = —4.01 x 6.0/8 = —3.01 kNm
W, =10x0.9% = D.99kN
M, =0:99 x 6.0/8 = 0.75kNm

The value of M is much lower than the valoe [2.8 MNm vsed esarlier, but
the negative sign mdicates that the lower fange of the channel is in
compression and this fange 15 not restrained. The buckling resistanee A,
must therefore be found.

The effective length Lg of the purlin may be found from BS (able 9.

Lem=1.0%60=60m

Slendemess 4= Lp/r, = 6000/22.4 = 268 (which is tess than 350 as required
by clause 4.7.3.2) where Lg and r,, are in mm. Equivalent slendemness A;r
allowing for lateral torsienal buckling 15 given by:

”{LT = nuvd
Torsional mdex x = 14.5
Afx =268/14.5 =18
v =049
1 =902

n=094 (for f=0nnd y=0)
Arr =094 x0.002 x 045 x 268 = 111

Bending streagth p, may be obtamed: p, = 108 N/mm®

Buckling resistance My, =S, ]
=108 x 130 x 107" = 4.0 khm

The overall buckling check may now be camed ot using an eguivalent
uniform moment factor {m) equat to 1.0 {member loaded between
restramnis):

o/ My +mM, M, # 1
101/14.0 +0.75/(275 x 41.3 x 1074 = 0.28

The overall buckling of the section 1s therefore satisfactory,

The diagrams for bending moment and shear force shown in Fig. 4.3
indicate that maximum values are not coincident and it 1s not therefore
necessary to check moment capacity m the presence of shear load. Purlin
design does not normatly need a cheek on web bearnng and buckling ss the
applied concentrated loads are low — note the low values of shear force. The
check for bearing and buckling of the web 15 particularly needed where heavy
concentrated loads accur, and reference may be made to Chapter 5 for the
relevant calculations,

PUALING AND SIDE RAILS 47

(h)

M

Flg. 4.8 Purlin connzction

4.3

{2}

&)

Deflection

Deflection limuts for purlins are net specified in BS table 3 but a jimu of
span/200 1s commonly adopted.

Deflection 8, == 51, L* /184 E1,

where I, is the serviceability imposed load, re. 7.95 kN and £ is
205 ¥N/mm?

b= 5 % 7.95 % 6000° /(384 x 205 x 852 x 10%) = 12.8 mm
8= 285 mm
Deflection limit = 60006/200 = 30 mm

Connections

The connection of the purlin to the rafier may be made by bolting 1t o a cleat
as shown i Fig. 4.8, The design of these connections 1s usually nominal due
to the jow reactions at the end of the purlins. However, the transfer of forces
between the purlin and rafier should be considered. For the channel section
chosen, W, and ), transfer to the rafier through a cleat. Bolts must be
provided but will be neminal due to the Jow reactions mvolved (8.0 kN and
3.0 kN). Chapier 3 gives calculations for a bolied connection 1 more deta.

Multi-span {contingous) purlins may be used and munor, changes wn design
are considered in Sechon 4.4, k

Purtin

Cleat cut rom
unequal angls

et

»

EXAMPLE 7. DESIGN OF SIDE RAIL
Dimensions

{See Fig. 4.9): side rails at 2.0 m centres; span 5.0 m simply supported.

L.oading

Dead load (cladding/insulation panels) 0.18 kN/m?®
Wind load (pressure)

0.80 kN/m*
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{d)

1

clause 4.2.3

Maximum values of bending moment and shear force must be found
allowang for the wind loading (honzontal) only (Fig, 4.9) and mciuding the
safety factor y,.

Assurne the side rail to be 125 x 75 x 10 unequal angle, grade 43 steel. An
angle, such as that chosen, provides greater resistance to bending (higher
section properiies) about the x axis than the y axis, compared 10 that for an
equal angle of the same area {weight).

Cladding 2.0 x 5.0x 0.18 =1.80kN
Self werght 5.0 x 0.15 =0.75 kN
Total dead load ¥, =3.55kN

Wind load ¥, =2.0x 5.0 x 0.80 =8.0 kN

The foads #,, and JI; act in planes at ngiht angles producing moments
about x and y axes of the steel section, but only moments about x are used in
design (as discussed in Section 4.1),

Ultimate e ¥’

SID0ONH.
NOISI

BM and 5F

With reference to Fig, 4.10:

Maximum moment M, =11.2 x5.0/8 =7.0kNm

Muaximum shear foree £, =11.2/2 =5.6kN
Shear capacity
Design strength p, ts 275 N/mm? (Section 1.7).

Shear area A, =09 x 125 x 10 = 1125 mm?

Shear capacity P, =0.6 x 275 x 1125 x 107> = 186 kN

; The shear capacity is clearly very large relative to the shear force.

i
|
i
!

t
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X
Y
X
()
Ly |

g 4.11
BS table 7
n
4.4

Moment capacity

For single angles, laterzl restraint 1s provided by the cladding, which also
ensures bending about the x axis, rather than about a weaker axis (Fig. 4.11).
The moment capacity only of the section is therefore checked. The section
chosen 1s defined as serm-compact having #/T= 7.5 and /T = 12.5 {both

< 15), and {b + d}fT==20 {< 23}, hence;

i‘l:fm. =Py Zx
=275 x 36.5 x 107 % = 10.0 kNm
M, /Mo =T7.0/10/.0=0,70

Section 15 satisfaciory.
The design of side rails does not normally molude a check on web bearing
and buckling, a5 discussed in Section 4.2(g).

Deflection

Calculation of deflection 15 based on the serviceability condition, 1.e. with
unfactored loads.

W, =80kN

b, =5W,.L*/184EL,
=5 % 8.0 % 50007 /(384 < 205 x 302 x 104)
=2L0mm

Although ciause 4.12.2 avoids specifying any value, use a deflection limt of,
say, L/200 =25 mm,

EXAMPLE 8. DESIGN OF MULTI-SPAN PURLIN

Continuity of a structural element over two or more spans may be useful in
order to reduce the maximum moments 1o be resested, and henece the section
size, and to improve the buckling resistance of the member.

I. Ingeneral, the bending moments 1 a continuous beam are less than
those in simply supported beams of the same spa. It should be
noted, however, that a two-span beam has the same moment ( 7LI8)
at the middle support as the mid-span moment of a simply
supported beam,

2. The resistance of a member of lateral torsional buckling 15
improved by contmuity and this s reflected in BS table 16.

Continuity may be achieved By fabricating members of length equal to two
of more spans. Length will, however, be limied by requirements for delivery
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{a)

(8)

te)

and fiexibility dunng sue erection. For the purlin designed in Section 4.2 a
length of not more than two spans (12 m) would be acceptable (they can be
delivered bundled 1ogether to reduce fexibility), Conimnuity can also be
arranged by use of sile connections capable of transmiiting bending moments,
Such connections are costly to fabricate and to assemble and are rarely used
mn small structural elements such as purling and side ils. Using the same
example as i Section 4.2, the design is repeated for 4 purlin continuous over
two spans of 6.0 m.

Dimensions

As Section 4.2(a).

Loading

As Secuion 4.2; assume purlin 1o be 152 x 76 channsl, grade 43 steet:

IV, =288kN
W, =271kN
W, =0.99 kN

Ultimate load W, = 16.5kN
Ultimate load W, = 6.0kN

BM and S5F

With reference 1o Fig, 4.12;

Maxsmum ultimate moment (at central support)

A, kN

M, =16.5x 6,0/8 = 12.4kNm

10.4
Do [ AEIN P, —0.65x 165 =104kN
R M, =45km

Fig. 4.12

(d)

{e)

BS table 7

F, =3RkN

Shear capacity

Shear foree is less than 0.6 sheoar capacity, as Section 4.1{d).

Moment capacity

The 152 x 76 channel is a compact section (/7= 8.45), hence
My =275 % 130 x 1073 =358 kNm
M., =9.0kNm
M/ Mo+ My Moy # 1

12.4/358 4 4.5/9.0 = 0.88

PUALINS AND SIDE RAILS 51

n

BS table 14

BS table 11

{g}

eD-optmizafion Wit

Buckling resistance

A=Lg/r, =6000/22.4 = 268

The factor » 15 obtamed from BS table 16 for #=10 and 7 = M/Af, = — 1.0,
as the end moment M and simply supponted moment A4, are equal {but
opposite sign), hence

n =046
m =10
u  =0.902

Afx =268/14.5=18.5
where x 15 the torsional index. )

v =049
Ay =0.66 x 0.502 x 0,49 x 268 = 78

Py = 1O N/mm?
My =170 % 130 % 10" % =221 kNm

MMy + My Mo # 1
12.4/22.1 + 454275 x41.3 x 1077 =0.56

Deflection

From Example 6. the imposed load at serviceability fimit state 1s

Wy =T95kN ‘

8, =7.95 x 6000° /(185 x 205 x 852 % 10" ) = 53 mm
Y =3 80 kN

8 =14.5mm

Deflection limut 6000/200 = 30 mm

wd
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Crana rail

Crane ganiry girder
/
{UB and plate
wetded 10gether]

Fig. 5.§ Crane gantry

girder

Lo

5

CRANE GIRDERS

Industrial buildings commonly house manufacturing processes which involve
heavy iems being moved from one pont to another during assembly,
fabneation or plant maintenance. In some cases overhead cranes are the best
way of providing a heavy lifting facility covenng virtually the whole area of
the building. These cranes arc usually electrically operated, and are provided
by specialist suppliers. The crane 1s usually supported on four wheels ranning
on speciat crane rails, These mils are not considered to have significant
bending strength, and each 1s supporied on a crane beam or girder (Fig. 5.1).
The design of this girder, bul not the rail, is part of the steelwork designer’s
brief. However, the position and attachment of the rail on the crane girder
must be considered, a5 a bad detail can led to fatigue problems, particularly
for heavy duty cranes. The atiachment of the rail should allow future
sdjustment to be carried out, as continuous movement of the crane can cause
lateral movement of the rail.

CRANE WHEEL LOADS

Parts of a typical overhead erane are shown 1 Fig. 5.2, The weight or load
assocsated with each part should be obtained from the crane supplier’s data,
and then be combined to give the crane wheel loads, Alternative wiezl loads
may be given ditectly by the crane manufacturer, Reference may be made to
BS 6399: Part 1Y for full details of loading effects. The followiag notes
apply to single crane operation only.

The crab with the hook load may occupy any position on the crane frame
up to the minimum approach shown m Fig, 5.2. Hence the vertical load on the
nearer pair of wheels can be calculated, adding an amount for the crane
frame, which 1s usually divided equally between the wheels. Maximum wheel
toads are often provided by the crane monufacturer,

An allowance for impact of 25% 1s made for mos! lightmedium duty
cranes (classes Q1 and Q2), and this 15 added to each vertical wheel load, For
heavy duly cranes (classes Q3 and Q4) reference should be made to
B% 2573 and to supplier's data for approprate impact values,

In addition to the vertical loads transferred from the wheels to the crane
rail, honzonial loads can alse develop. The first of these 15 called surge and
acts ai nght angles {laterally) to the girder and at the level of the rail. This
surge load covers the acceleration and braking of the crab when moving
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g. 5.7 Overhead crane

ig. 5.3 Crans loads

Minimum

appsoach E
C e
BIE
Ep
HE
Sl carnage
%18
ata
I

diong the crane frame, together with the affects of non-veriical lifting. The
value of this load 15 assessed in BS 6399 at 10% of the sum of the crab
werght and hook load. 1t is divided equally between the four crane wheels
when the wheels are double fanged and can act in either direction,

The second horizontal load {loangitudinal) is the braking iead of the whele
cranc, and in this case acts along the crane girder at the level of the top flange,
The value of this load is assessed at 5% of each wheel load, and is therefore a
maxumum when the wheel load 15 a maximuom. As before, the braking load
covers acceleration as well as non-vertical lifting.

The loads are summanzed in Fig. 5.3. In addition, gantry girders intended
to catry class Q3 and Q4 cranes {as defined in BS 2573: Pant i) should be.
desipned for the crabbing forces given in clause 4,11.2.

6‘“@%

Wheeat
jnad

=
-3
B4
k]
&
=
=

Crat weight
+ hook {nad

Ly
(]

Waight of
crane frame
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Whaal
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5.2

Fig. 5.4 Maximum BM. SF
and R

The safety factor y for crane foads (ultimate limit state) is taken as 1.6, L.e.
as for imposed loads generally (Section 1.7). Whenever the vertical load and
the surpe load are combined in the design of a member, the safety [actor
should however be taken as 1.4 for both loads (BS table 2). Funther detailed
provisions for ganiry girdess are given in clauses 4.11 and 2.4.1.2.

MAXIMUM LOAD EFFECTS

Moving loads, such as crang wheels, will result in bending moments and
shear forces which vary as the loads travel along the supporting girder. In
simply supported beams the maximum shear force will cccur immediately
adjacent to a suppori, while the maxinum bending moment will occur near, ~ *
but not necessarily at, mid-span. In general, influence lines™** should be
used to find the ioad positions prodecing maximum values of shear force and
bending moment.

The maximum effects of two moving loads may be found from formuolae™
as demenstrted in Section 2.5. For a simply supported beam the load
positions shown n Fig. 5.4 mve maximum values:

Shear force (max) = 2 — /L)
Bending moment {max) =VL/4
or =2I(LI2 — e/)4L

The greater of the bending moment values should be adopted.

The design of the bracket supperting a crane girder uses the value of
maxtmnum resction from adjacent simply supported beams, as in Fig. 5.4.
Where adjacent spans are egual, the reaction 1s equal to the shear force, Le.

Reaction {max)=I¥(2 — /L)

b Wiz~ git)
U MY
o A —
| L | )
r I Shaar force and raaction
b
FaY Fa

Bending moment
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5.3

{a}

{5)

{c}

In all cases the effect of self weight (uniformly distributed) of the parder mus:
be added. :

EXAMPLE 9. CRANE GIRDER WITHOUT LATERAL
RESTRAINT ALONG SPAN

Dimensions

Span of crane 150 m
Wheel centres 35 m
Minimum hook approach 0.7 m

Span of crane girder 6.5 m (simply supported}

Loading
Class Q2 (no crabbing forces need be calculated)
Hook load 200 kN
Weight of crzb 60KN

Weight of crane (excluding crab) I70RN

Whesa! loads

Vertical wheel load from:

hook load 200(15.0 — 0.7)(15.0x2) = 95.3kN

crab load  B0(15.0 — 0.HA15.0x ) 2B6kN

crane load 27074 67.5kN

Total verticat load = 1914 kN per wheel
Vertical load W_ (including allowance for impact and 78]

=129 x14x1914=335kN

Where vertical load is considered acting alone then ¥r s L6 and
¥, becomes 383 kN.

Lateral (honzontal) surpe foad is 10% of hook + crab load:
={). 10200 460} =26.0kN
Total lateral load =x26/4 = {3 kN per wheel
Surge load W (including yy=14%x635 = 91kN
Longitudinal (honzontal) braking ioad 15 5% .of wheel load and
including vy Is: '

0.05 x 1.6 % 1914 =153 kN per wheel

In the following design 1t will become clear that the entical considerations
are lateral buckling, and web beanng at the suppont. Hence first sizing of the
girder would be based on these enteriz. Assume 2 610x305x 179 UB
(grade 43) with extra plate {grade 43) welded to top flange. This piate 15
used to mive additional swength o the top fange which 1s assumed to act
zlone to resist the Jateral {surge) loading. A channel section may be preferred
mnstead of the flat plate; this type of section was commonly used in the past.
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Fig. 5.5

(d}

1

Dead load due fo sclf weight of girder (1.79 + 0.36 kN/m) and rail
{0.25 kN/m) ancluding g/ 18

Wy=14x240%x65=218kN

25 kg/m rait
75 I g

2B0 x 20 plate {36 kgim)

610 x 308 x 178 kg/m UB
/

BM and SF

Moment due to vertical wheel igads is
either JF L/4 =335 x 6.5/4 =544 kN
or  2W.(L12 — /YL =2 x 335(6.5/2 — 1.5/4)46.5
=58] kNm (664 kNm when acting alone)

Momens due to dead load =21.5 x §.5/8 =18 kNm
Max. ultimate moement A, == 581+ 18
=599 kNm (682 kNm when acting alone)
Although the dead load maximum BM occurs at mid-span, and the wheel
maxinnun occurs a distance c/4 away, it 15 usual to assume the value of A, to
be the sum of the maxima as shown.
Moment due to surge load =2 x 9.1(6.5/2 — 3.5/4)%6.5
=15.8BkNm
Max. ultimate moment A, =158 kNm

Shear force due 1o vedical wheel loads is:
W.{2 — /L) =335(2 — 3.5/6.5)

=430kN {560 kN when acting alcne)
Vemcal shear force due to dead load =21.8/2=] kN
Max ultimate shear force F, =490+ 11

= 501 kN (571 kN when scting alone)

Lateral shear force due to surge load=29.1(Z - 3.5/6.5)= 13.3 kN
Max. ultimate shear force F, =13.3kN
Max. ultimate reaction R, =490+ 21 B=512 kN

. =13.3%N
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g. 5.6

{e) Shear capacity

claise 4.2.3  Design sirength for chosen section with flanpe 22 mum thick:
Tobie 1.2

v =265 Nimm®

Shear capacity P, =0.6p, 4,
=0.6x0.265 x617.5x 14.1= 1380 kN
FifPy =041 <060

Shear capacity P, =0.6x0.265(307 x 23.6 - 280 x 120) = 2030 kN
F P, =801 <0.60

() Moment capacity

clause 3.5.5  The chosen section (Fig. 5.6) is = plastic section with

BT (intemal) =280/20 =14
&/T (external) =75.5/10.4 =6.5

‘ 280
e

g { 1535
A\ t Ll

]
~

— {7 —Plastic NA
: {axis o} equal araa)

For the built-up section chosen, the designer may need to cateulate the plastic
modutiug (S, *7, if tlis 15 not available in published tabies. The properties
may be obtained from formulae given in Appendix A.

= 5600 mm-~
=228 4 3600 x 10~ ? =284 cm?

Plastic section properties:

Area of plate 4, =280 x20
Total area 4

d, =5600/2 x 14.1)=198.6 mm (i.e. 130 mm below top face)

Se —-55704«[14 1 x 198.6% 4 5600(617.5/2 42072 — 198.6)316°
=6750 cm?

S, (for top Hange only)==(23.6 x 307°4 + 20 x 280%:)10~%

=048 cm®
Elastic seciion propernes:

= 5600(617.5 + 20)/(284 x 107
L, =152 0004228 x 62.8%x 102
+ 5600(617.5/2 4-20/2 — 62.8)* % 10~*
= 198 000 cm’
Z. =198 000/(637.5/2+62.8) 107 = 5320 cm®

£,= 11 400 +20 x 280°K 12 x 10Y = 15100 e’
re=y/ (1 /4)= /(15 100/284) =7.28 cm
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for tension flange sbout y-y axis

I, =23.6 307712 x 10%) = 5650 cm®

for compression fange about y-y axis
Lo == 5690 420 % 280°/(12 x 10" = 9350 o’
Z, {for top Range only) =2 I//B
=2 x 9I50/(307 x 10~ Y =609 em®

Torsional index may be calculated using the appropniate method in
BS appendix B.2.5.1(c).
by, =617.5420 — 23.6/2 — 43.6/2= 604 mm
Eby 4t =total area=28 400 mm>
Ih +htf, =2 x 307 x 23,67 4+ 280 x 20.0° +570.3 x 14.1
=11.91 x 10° mm*
x =604[28 400/(F1.91 % 10512 =29.5mm

Local moment capacity
Moy =p, 5,
=265 x 6750 x 107> = 1790 kKNm_
To prevent plasticty at working load {see Section 3.4), M #1.4 p, Z, where
factored joad/unfactored load=1.4

M, 7 b4 %265 %5320 x 107 ¥ =1970kNm
Mg, =p, 8, where 8,15 for top flange only
=265 x048 % 107 = 251 kNm
But M, # 1.4p, Z, using constant 1.4 as noted above and Z, for top flange
only,
M, ¥ 5.4 x 265 x 609 x 1077 =226 kNm -

e T Combined local eapacity check
M /M ey + My My # 1
L A cingtragm 59971790+ 15.8/226=0.40
E I Acting alone without surge
8 ||| Sracker MM = 683/1790=0.38
/ Hence seclion chosen 15 satisfactory.

S T
Fig. 5.7

-{g) Buckling resistance

The buckling resistance may be found in the same way as in Section 3.8(f),
but silowing for the destabilizing effect of the surge load. Hence
clawse 4.11.3

m=n=%10
BS rable 13 ) , )
No vestraint 1s provided between the ends of the girder, At the supports the
dizphragm gives part:al restramt against torszon, but the compression flange
1s not restramed {Fig. 5.7).
BS table © Lg =LL +2D)

=12634+2x063N=033 m

i
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BS iable 14

BS table 13

clause 4,3.7.5

BS table 12

clauge 4.11:3

" (h)
i {
. 4 Rail plate
1 "},"2" i i ~dd |
T b o2 IT
AN P
45° 45°
- Dj2 -~
Fig. 5.8
clause 4.11.5
clause §.3.2,1
BS table .?7'::l
]
a2 }
|
Dyj2

' i
Bracket support

Fig. 5.9

Sienderness 4= Lg/r,
=9330/72.8 =128
Alx =128/28.5=43

N =l M+ 1)
=9350/(9350 + 5690)=0.62
v =0.80 :
u == 1.0 {conservatively)
Yir ==nuvi :

=10x09x0.80x 128=102
Bending strength Py = 150 Nimm?
Buekling resistance Ay, =p, S,
= 1282 6750 x 107 =689 kNm

-Equivalens uniform moment factor m = 1.0
Overall buckiing check

mM Al +md,/p, 7, F L
599/864 + 15.8/(265 x 609 x 10 ™) =0.97
Acting alone withoul surge
M, [ My, = 683/689=10.93
Hence the section 15 satisfactory.
Web buckling
At pomnts of concentrated load (wheel loads or reachions) the web of the

girder must be checked for local buckling™ (see Fig. 5.8). If necessary, load
carrying stiffeners must be introduced to prevent lacal buckling of the web.

Dispersion length under wheel

by=2x75 =150 mm
n:=6174+2x20 =857mm
Web slenderness 4 =254/t

=2.3%53714.1 =195
Compressive strength p. = 131 Nimm?

Buckling resistance P, ={by+m) t p. :
={1504+657) 4.1 x 0. 131 =1400 kN
Max. wheel] load =383 kN

Hence buckling resistanice is satisfactory.
Minmmum stiff bearing length required at support
be=F, ffip.) =~ n, mm
F, =371 kN {support reaction)
=309 mm
by =57T1{14.1 x0.13]1) — 300 = — D mm

1.&. no stiff beaning 1s required at support for web beanng.

-WeDb-0 Imtlon with: CVISION'S PdiCom
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Fig. 5.10

®

clause 4.711.5

o

Web bearing

Al the same points the web of the girder must be checked for local crushing®
{see Fig. 5.10). If necessary, bearing stiffeners must be intreduced to prevent
tocal erushing of the web.

Load dispersion under wheel = 275443 .6+ 16.5)=270 mm

Bearmg capacity Py, =270 % 14.1 x 0.265 = 1009 kN
Maximum wheel load =383kN

i

Rail Ve 75
flangs ———F————
+plate _‘;m___:_‘__ :gg
Root of Undger wheel
Eile
bl 4] ]
— 16.5
~11in26 26

At support

Load disperston af support :

Mimmom stiff beaning = F, /(ip,,.) — n;
3 ={23.6-+16.5)2.5=100mm
F; =571 kN (support reaction)
by =5T1/(14.1 % 0.265) — 100 =53 mm

Web bearing at the support requires = mantmum 5tff bearing of 53 mm; check
that the supports provide this minsmum stiff beanng to prevent web bearing
capacity of the girder from being exceeded (see Fig 5.10).

Deflection

Servicenbility vertieal wheel load excluding impact
W.=191.4kN
Max. deflection for position gven™

8, = W.LYIa/4l — o IL3Y6E]
a=({l—c)lf2=15m

6, =35mm
Deflection limst = 6500/606=10.8 mm
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(1)

()

(<)

(d)

(e)

Connection

The vertical forces are transmitted to the supporting brackel by direct beaning
(Fig. 5.11). Horizontal reachons are present from surge ioad (13.3 kM) and

honzontal braking (15.3kN). The surge load is transmutted to the column by
the diaphragm (Fig. 5.7). The braking force will be transmitted by nomunai
bolts; provide, say two M20 boits (prade 4.6).

EXAMPLE 10. CRANE GIRDER WITH LATERAL RESTRAINT

The design in Section 5.3 may be repeated but mecluding a fattice restraint to
the compression fange. In practice such a lattice girder may have been
provided specifically for this purnose, or 1o support access platforms or
waikways (Fig. 5.12). In modemn UK practice 1t 15 rarely cconomtie to include
such a restramt m order to reduce the beam size, except in heavy mdustral
buildings.

Dimensions

As Secuon 5.3,

Loading

As Section 5.3 (making no correction for the changed seif weight).

Wheael loads

As Section 5.3.

BM and SF

As Seetion 5.3, i.e.

Max. M, =599 kNm (683 kNm when acting alone)
Muox. M, =15.8kNm

Shear capacity

A smaller UB may be chosen as laterai restraint 15 provided. Assume z

533 x 210 x 122 UB with no plate added. Note that n the design ir Section
5.3 web beanng and buckling were critical, hence a revised section faving a
similar web thickness 1s chosen.
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clause 4.2.3

0]

clause 4.3.2

» .
) Y633 xhim
523 mml
\;
Fig. 5.13 ()

BS rable 37¢

{(h}

Shear capacity p, =0.6p,4,
0.6 % 0265 x 544.6 x 12.8= 108 kN
F /P, =37TH110B=0.52

Moment eapacity

The chosen UB 1s a plastic section (BT = 5.0)
Momeni eapacity M, = p, 5,
={.265 x 3200 =849 kNm

But
M =1L2pZ,.
= 1.2 %0263 x 2799 =890 kNm
ML, = 583/849 = 0.80

Section 1s satisfactory.

The effeet of the lateral moment M, 15 considered later 1 part {j) m
combinatton with a restraint force equal 1o 2.5% of the flange force. Note that
the value of 1% i the imtial version bf clause 4.3.2 was considered to be too
smail.

Flange force may be esnmated as: 599/0.523 =1145 kN {1306 kN when
acting alone); see Fig. 5,13,
Restraint force==28.6 kN {32.6 kN when acting alone)

Web buckling/bearing

Mimmum stiff bearing length a: support to resist reaction of 571 kN,
i) =544.6/2 =272 mm
A =25x47112.8=93
P =134 N/mm®
Min. beaning length b, == 571/{12.8 x 0.134) ~ 272 =61 mm

ma={2134+12.N2.5=85mm
Min. beanng length by =571/12.8 x 0.265) — 85 =84 mm

Therefore, a stiff bearing length of at least 84 mm 1s needed ot the supports to
give sdequate bearing swength for the girder,

Deflection

Wheei load=191.4 kN
Calculation as 1n Section 5.3{j) gives §=9.0mm
Linut=6500/600=10.5 mm
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Fig. 5.14

()

BS iable 27¢

BS table 27¢

Connection

As Section 5.3 but the lattice transmits honzonizl forces to the support: hence
the diaphragm 15 not needed.

Lattice ;

¢

t
The latuce girder which provides restrmnt to the crane girder top Hange is
ioaded by k

{i} the restraint foree of 11.45kN (13.06 KN when acting along) whieh 1s
considered to be distributed between the nodes of the lathice;
(i) the surge lond of 9.1 kN per wheel {10.4 kN when acting alone).

28,6 kN total |
4 } a1kn 5.9 kN

N ANRENY
87z 3 a5 6 7 8ls Al P
8 bays at 8135 mm

The truss is analysed by graphics, eafculation, or computer, miving member
forees as tabulated (KN}

Pane  Top cherd Battom cherd Dlagonal Post
i 0 2t2 300 0
2 21.2 38.3 432 17.1
3 382 31.2 18.4 13.0
4 513 510 0.3 0.3
5 46.6 510 6.} 0
6 38z d6.6 11.9 4.1
1 257 382 117 B4
g b 257 363 2.5
9 0

The applied forces may act in either direetion and hence the member forces
may be either {easion or compression. Designing the chord members for a
compression of 31.3kN; use 2 45 x 45 x 6 equul angle

d=Lglr,=10x813EET=94
pe =135 N/mm?
Compresston resistance P, =, p,
=5.00 % 135 % 077 =69 kN

Desigming the diagonsals for a compression of 36.2 kN using the same single
angle:

Effective length L, = 1.0 % §13/c0s45° =150 mm
A =1150/8.67=133
p. =83 N/mm®
P, =509%83 x 107 =42 kN
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The basic Iattice member is therefore a 45 x 45 x 6 equal angle and might be
fabricated as a welded truss. For a more detailed consideration of truss design
referencze should be made to Chapters 6 and 12.
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6

TRUSSES

Trusses and lattice girders are fabricated from the vanous steel sections
available, joined together by welding or by bolting usually via gusset
{connecting) piates. Generally the trusses act in ong plane and are usually
designed as pin-jointed frames, although some mam members may be designed
as continitous. Where members lie in three dimensions the truss 1s inown as a
space frame. Trusses and lattice girders are particniarly suited to losg spans, as
they can be made to any overall depth, and are commonly used in bridge
construction. In buildings they have particuiar application for reof structures,
and for members supporting heavy loads (columns from foors above) and for
members having longer spans,

The use of a greater overall depth leads to a farge saving in weight of steet
compared with a umiversaj beam. This saving of maternai cost can offset the
extra fabnication costs 1n certamn cases.

TYPES OF THUSS AND THEIR USE

A selection of roof trusses 1s shown 1 Fig. 6.1, wherc the roof slapes and

spans dictate the shape of the truss and the ayout of the members, Hipped
trusses are used for small spans, economically up to 6m, the iattice girders
for medium spans, and the manserd for large spans. Such trusses are Kghtly
loaded by snow and wind load, togethier with a small aflowance for services,
It is unusual for lifling facilities to be supported from the roof trusses. The
resulting member and connection sizes are therefore refatively small.

Heavy trusses may be used in multi-storey buildings where column loads
from the floors above need lo be carried. Examples of these are shown 1 Fig,
6.2, Trusses of this fype canry very heavy loads, and are similar in layout and
member size to bridge structures.

A common methed of providing stability to a building, whether single or
multi-starey, s to use an arrangement of bracing members. These are
essentially formed into a truss and carry the horizontal ivads, such as wind, to
the foundations by scling as horizontal and vertical Fameworks, Examples
are shown in Fig. 6.3, Bracing 1s considered in more detail in Chapter 10, and
graphically Hiustrated in Chapters 12 and 13 m terms of the overall stability
of single-storey buildings.
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Hipped Lattice
Fig. 6.1 Roofl trusses
Mansard
Column Calumn
fpads - foads
Fig. .2 Supgport inusses N-truss Vigrandeel

v %y

Tig. 6.3 Bracmng Multi-starey building Singla-starey building

LOADING AND ANALYSIS

Loading will consist of dead, imposed and wind lpads as described in
Chapter 2. Combinations of loads giving maximum effects in mdividual
mermbers must be congidered {see Section 2.4} and safety factors yr must be
mcluded (Secuon 1.7},

The loads will usually be transferved to the truss by other members such as
purlins (Fig. §.2) or by beams s the ease of a foor truss. A wiad bracimg will
be loaded by the gable posts, or by side members such as the eaves beam. It1s
idenl if the loads can be teansferred to the truss at the node pomnts, but
eommonly {as shown 1n Fig. 1.2) this s not possible. Ia roof truss design the
puriin positions may not be known untially, and aHowing for the pessibility
of purlin changes dunng future re-roofing, a random posuion for loads 1s
ofien allowed.

The anaiysis therefore involves several stages:

{a) Analysis of the truss assunung pn-joints {except Vierendeel trusses) ang
loading af the nodes.
This may proceed using manual mathods — joint resofution, method of

TAUSSES &7

4.3

. 3
sections and graphical means are all surtable’™* — or computer

technigues, Severad analyses may be needed where different arrange-
ments of dead, 1mposed and wind loading must be considered.
Analysis of the load beanng member such as the rafter as a continuous
beam supporied at the nodes and loaded by the purlins. In cases where
the load positions are uncertamn the rafier moment may be taken as
IFL/6 {clause 4.10c), where ¥ is the purlin load and L s the node to
node length perpendicular to 17,

Assessment of stresses due to eccentnicity of the connections. Ideally
the centroidal axes of members should meet at the nodes. Where this
15 not passible the members and connections should be designed for
the moments due to the eccentricnty, if significant.

Assessments of the effects of jomt rigidity and defiections, Secondary
stresses become wmporiant 1z some trusses having short thick members
but may be neglected where more slender members are used {clause

4.10).

(0}

e}

(d)

1

The overall analtysis of the truss will therefore involve the summation of two
or more effecis. Analyses {a) and (b) must always be considered, while (¢}
and {d) may be aveided by meeting cenain conditions.

SLENDERNESS OF MEMBERS

The slenderness 4 of a compression member (3 strut) 15 grven by
;{:LE/J’

where Lp 15 the effective length of the strut about the appropriate axis
r is the radius of gyration about the approprate axis

The requirements of clauses 4.7.2 and 4.7.10 define the effective lengths of
the ehord and internal members of trusses and are itlustrated in Figs. 6.4 and
6.5, These requirements take mto account the effect of the nodes (joints)
which divide the top chord into a sumber of in-plane effective lengths. In the
lateral {out-of-plane} direction the purling restrain the top chord. The radius
of gyration apprapeate 1o a given strut depends on the possible axis of
buckling, and these are shown m Figs. 6.4 and 6.3.

The effective lengths of discontinuous struts are increased where single
bolted connections are used, resulting in reduced compressive strengths.
Hence single belted connectiens usually result in less economic trusses,

Where double angles are used as shown 1n Figs. 6.4 and 6.5 it 15 necessary -
to reduce the slenderness of the mdividual component (singie angle) by
mierconnecting the angies at ponts between the joints. These connechons are
usualiy a single boll {mnumumn 16 mm diameter), with a packing between the
angies equal to the gusset thickness, and are commonly placed at third or
quarter points along the member,

slendemess 4, = /{42 + 22)
where A =521,
Ay =s59/3r,, for members having connections which divide
$7 into three equal parts
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6.5

A should not exceed 50. These requirements are gven in clauses 4,7.13.1(d)
and 4.7.9(c).

Slenderness for any strut should not exceed 180 for general members
resisting loads other than wind loads, or 250 for members resisting self
weight and wind foad oniy (clause 4.7.3.2). For a member narmaily acung as
a tie, but subject to reversal of siress due 1o wind, the stendemess should not
exceed 350, In addition, very semall sections should be aveidud, so that
damage dunng transport and erection does not oecur, e.g. a mintmum size of
angle would be 50 x 50 x 6 generally.

COMPRESSION HESISTANCE

The compression resistance of struis 1s discussed atso 1 Chapter 7. The
compresstve strength p. depends on the siendemness 2 and the design strength
By . Tests on axially loaded, pin-ended struts show that their behaviour can be
represented by a number of curves which relate to the type of section and the
axs of buckling. These curves are dependent on materal strength and the
mitial imperfections, which affect the wmelastic behaviour and the melastic
buckling load. For design the value of p, 1s obtamed from one of four strut
curves or tables {BS tables 27a to 27d). The appropnate table is chiosen by
reference to seetion type and thickness, and to the axis of buckling (BS
table 25),

The compressien resistance P, 1s

either P, =4, p,, for slender sections {see Section 1.7)
or P =4, p,. for all other sections.

where A, is the pross sectional area

Ber 15 the compressive strength based on a reduced design
strength {clause 3.6).

TENSION CAPACITY

The tension capacity P, of a member 1s
Py =d.p,

where A, 15 the effective sectional ares as defined in elause 3.3.3.

Where a member i5 connected eccentnically to its axis then aliowance
should be made for the resulting moment. Alternatively, such eccentne
effects may be nagiected by using 2 fower value of the sffective area A.. For
a single angle connected through one leg:

Ag =i, '{"‘301 ﬂzlGﬂt '!‘ﬂz)

where gy 15 the net sechonal area of the connected leg
4z 15 the sectional area of the unconnected leg

Full details of these reduced effective areas are given i clause 4.6.2.
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6.6 CONMNECTIONS

Connections are required to join cne member to another {intemal joints), and
to conncet the truss to the rest of the building (exiemat joints). Three main
types of connection are used:

e  bolling to a pusset plate
o weiding to a gusset plate
e welding member to member

Examples of these are shown 1n Fig. 6.6. The chowce of connection type 18
often made by the fabricator, and will depend on the available equipment,

with welding becoming more economical the larger the number of truss and
member repelitions.

Wl

_ﬂ_i_._o_ _z_Q_ 0.4

Bolted to gussat plate

“
,—4:/
/_/b -~ Truss
O
e
CENN)
Column Cap joint {bolted}

Fig. 6.6 Connecion details

Ideally, members should be connected so that centroidal axes {or bojt
centre fines in the case of angles or tees) meet at a pownt {Fig. 6.6). If this
canno! be achieved, then both members and connecnon must be designed
from the eccentncity. In many coses the gusset plate will not lie in the plane
of the member centroidal axes, but stresses due o this eccentneity are
ignored in construction using angles, channels and tees {clause 4.7.6c).

Design of the bolts or welds follows conventional methods®Y), Bolts
(grade 4.6 or 8.8) must be designed for both shear stress and beanng stress
{see Section 3.7g). Friction gnp fasteners may be used™, but are not usually
economic unless bolt slip 1s unacceptable. Design stresses i the gusset may
be checked as a short beam with a combined axial load. Such design 15 not
realistic however, and it 15 sufficient to check lie direet stress only at the end
of the member (Fig. 6.7), on an area b x t as shown.

Minunum bolt s1ze 1s usnally 16 mm, and muinimum gusset plate thickness
1s 6 mm {internal) or 8 mm (exposed).

TRusses 71

m
=N
R

! 100
g3 E ~/}
. : A~
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4 -
A

6.7 EXAMPLE Ii. ROOF TRUSS Wi'!;H SLOPING RAFTER

Fig. 6.7 Gusset plate stress

fa} Dimensions
(See Fig. 6.8}

Span of truss 6.0 m
Rise of truss 32m
Roof slope 21.8°
Truss spactapg 40m
Rafter length 262 m

~ o
| Chord braging

232m | 23Im  336m

positians
Fig. 6.8 Roof truss 16.0m
{b} Loading
0.7 6.7 - 2
\\ Cas : Cladding/insulation 0.12kN/m
\ / Roof truss seif weight (estumated) 8.0kN

£,202 Snow/services 0.73 kN/m?*

s Wind pressures {g) 0.68 kN/m?
Fig. 6.9 Using internal and extemal pressure coefficienis given 1n reference (6), the

worst case for wind Joading on the roof slope 18 the ense *wind on end plus
wnternal pressure’ (Fig, 6.9} This gives an outward pressure of

{07+ 0.2)0.68 = —0,61 kN/m*

Note must be taken of the effects of the slope on the valoes of each joad s
appropriate {see Section 2.7(d) and Fig. 6.10).
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Fig. 6.10

{c)

Modal forees Wyor i

J

Wy=848/4=2,37 kN
W, =24.0/4 =600 kN

Nogal forees W,

Fig. 6.11 {d)
(®

W, 2 \f 2 W,

\ A L

W, =210 =525 kN
Fig. 6.12

Dead lead on each purlin

ciadding 4.0 x 2.0 x 0.12 =0.96kN
own weight of purlin (say, 0.11 XN/m) and truss

0.1 x 40+8.0/10 =} 24 kN
Total dead load on purlin =2.20kN

Dead ioad on rafter ¥, =320 x 8.62/2.0=948kN

Imposed load on each purlin =4.0 x 2.0cos21.8° x 0.75 2: 5.56 kN
Imposed load on rafet ¥, =646 x 8.62/2.0=24.0kN

Wind load on each purlin =~ =4.0 % 2.0 x (.51 =4.88 kN {suction)
Wind load on rafler IV, =4.B8 x B.62/2.0=21.0kN {suction)

Truss forces {(dead)
Truss analysis is carried out placing coneentrated loads at the nodes of the
truss, 1.e. dividing the rafter joad proportional to the nodal centres {Fig. 6.11).

Analysis by manuai or computer techmques gives forces as in the table
{owmng te symmetry, half of the truss only is recorded).

Truss forces {imposed)

The forees are arranged as in (c) but have vaiues of 6.00 kN, instead of
2.37kN. Member forces are given 1n the table.

Truss forces {wind)

Wind forces on the truss are as shown (Fig. 6.12) and member forces are
agawm analysed and the results given in the table:

Member HMember forces (kN) due to:

Dead Imposed Wind 1417, Lo,

load Wy load W, lond ¥, +1 A, +1.4J7,,
i 2.4 56.6 —46.7 1218 430
2 214 54.3 ~46.7 11638 —44.0
3 20.6 52t ~46.7 1122 —44.8
4 19.7 45.9 -36.7 1074 —~457
5 =207 —52.5 42.8 —H3.0 352
6 ~17.8 —-45.6 354 ~56.9 318
1 ~§1.9 —-30.8 207 w647 171
8 2.2 56 —=53 12.0 5.2
9 -3.0 -75 6.8 —16.2 6.3
) 4.4 1Ly ~10.5 239 ~103
Il -2.9 -74 6.8 —-158 6.6
12 a2 5.6 —-53 12.0 -5
I3 —5.9 ~i5.0 16.0 —323 16.5
4 —B.9 ~22.5 218 —48.5 236
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0

clause 4, 1)

YI - (g)
e
| .
MDY (.
¥ ; Y
?
v
. 6.13

Fig. 6.4 and clduse 4.10

clause 3.5.3

Table 1.2
BS table 25
B table 27c

clause 4.2.5

Compression force 15 positive,

As the wind load is suction, the joad combinations .4 e+ 1.4W,, aad
LAW, + W, + W,,) may be 1gnored,

BM in rafter

Assurming purlin positions are not known
Purlin load JV = 1.4(0.96+0.44) +1.6 x 5.56 =[0.0kN
BM =WL/6=10.9 x 2.0cos2}.8%6=3.36 kNm

Rafter
Max, compression £ = 12}.9kN
Max, tension = 430kN
Nodal distance=8.62/4 = 2.16m

Use two —80 x 60 x 7 unequal angles spaced 8 mm apart to allow for
gusset pintes with spacing washers at quarter points, re. 0.54 m centres {Fig.
6.13). Nate that the ¥ axis 1s for the singie angle section and the J-¥ BXI5 1S
for the combined section.

ry =25.0mm
Slendemess A, =0.85 x 2155/25.0= 73
Minimum 1., =50

I =127 mm

Ny =26.2mm
Slendermness 1, =2155/26.2 =82

de =2155/04 x 12.7)=42

{for connections at quarter points) where A, s based on the mimmum r of the
component {r,, for smgle angle) as the angle can fail as 2 component
between fasteners.

dy =B 4477 =32
Section chosen is serm-compact with

d/t =80/8 =10 (< 15¢£) and
(b+dyr =175(< 23z)

Design strength p, =275 NJmm?
Strut table for angles is table 27c¢, and for 1 =92:

Compressive strength p. = 123 N/mm”
Compression resistance £, =4, p, _

=212 % 123 x 10™ =261 kN
Moment capacity M., mep, oy

=275 x 243 x 107*=6.7kNm

Simplified local capacity check (for further discussion ses Section 1.5)%
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clouse 4.8.3.2

clause 4.3.8

clause 4.8.3.3

{h)

clause 4.6.3.2

elause 4.7.3.2b
A5 rtable 27c

Fidy py + MM 31
12191212 % 275 x 1071+ 3.36/67=0.71
Section satisfactory.
Buckling resistance moment of the section must be checked using:

=Lg/r,

=12155/26.2=82

Buckling resistance M, =0.8p, Z,

=0.8 x 275 x 24.3 x 1073 =5.35kNm

Slenderness 2

Overall buckling check (simplified approach):
Fidg pe +mM SNy, F 1 where m==1.0
1219261 +-3.36/5.35=1.00

Bottom chord design

Max iension =F30kN
Max compression = 39.2kN

Use two—75 x 50 = & unequal sngles spaced 8 mm apant {semu-compact)

Effective area 4, =a;+5ga; /{50, +a)
a; ={L—t2y—Dt
=(T5—3)6—22 x 6=1300 mm*
allowing for one 22 mm diameter hale in calculating a;:
a; ={50--3) 6=282 mm”
A, =300+3 x 300 x 282/(5 x 300+ 282)
=537 mm/angie
Note that A, becomes nzt area if clause 4.6.3.3 15 satisfied.

Tension capacity P, =d, p, =2 x 537 x (.275 =295 kN

Compression resistance must be checked assumng lateral restraint o the
botiom chord at the chord bracing conneciions, maximum spacing 4.64 m
{Fip. 6.8).

ry =2Ldmm
Am =4040/21 4=217
A, =580/10.8 =54

{{for connections at quarter pomnts, s.e. 0.58 m centre)

Ay =217 540 =224
Maximum slendemness =230
Compression strength p. = 34 Nimm®
Compression Tesistance P, =4, p.
=144 x 34 x 107! =50.4kN

Section 15 sauisfactory.

TRUSSES 758

Fig. 6.14

(I} Strut {(member 10)

Max. compression F=239kN
Max. tension =103 kN

Use 68 x 60 x 6 equai angle

Fig. 6.5 ond
claise 4.7.10.2a
BS table 37c

r.= 1L7mm

ry, = 182 mm
L= 172 m
A= 085L’r,, =125 or

A= 0TLfr, +30=96
Compressive strength p. =91 Nmm® for 1 =125
Compression tesistance P, =4, p,

= 691 x 91 x 107 =63 kN

Section 15 sausfactory.

(i} Connection

Check the strength of the conneciton jomning members 6, 7, 10 and 13,
Assume an 8 mm thick gusset plate and 20-mm bolis {grade 4.6), see Fig 6.14.

Max. force {member 13)=32.3kN

Force change between members 6 and 7 is 32,2 kN. If members 6 and 7 were
to be joined at this connection (to change size or reduce fabnestion lengths)
then maximum force {member ) would be 96.9 kN,

clause 6.3.2

clause 6,3.3.2
clause 4.3.3.3

[
05.8 kN
—— 2

22 men hotes tor 20 mm bolts =

Shear capacity of belts {double shear)

Po=p, A, =160 x 2 x 0245 = T8KN
Beaning capacity of boits Py =dipy, =2 x 20 x 6 x 0.450=108kN
Beanng capacity of angles Py = dipy, =2 x 20 x 6 x 0.450=108 kN
but P,y 7 etpp, 12 = 40 % 6 x 0.450/2 = S4kN

Clearly a bolt size of as Jow as 16 mm would be possible,

Gusset plate stress can be based on an effective width (Fig. 6.7) of
60/c0s30° —22 =47 mm.
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Fig. 6.15 Lattice girder

Piate stress=32.3 x 10°/(8 x 47) =86 N/raum?
{Maximum value is p, =275 Nfmm?)

The remaining truss members may be designed in the same way, with the
compression force usually being the main design cntenon. i should be noted
that st 1s good practice to limit the number of differeat member sizes being
used, probably not more than four in total. The deflectior of a roof truss is not
usually critical to the design, and the effects of sag under load may be offset
by pre-cambering the truss dunng fabrication by, say, 50 mm or 100 mm. If
the deflection is required then hand or graphical methods™® or the virhual
work method™!®, or gppropriate programs may be used. It should be noted
that deflection due to bolt slip can be significant compared with dead load
elastic deflections.

©

6.8 EXAMPLE 12. LATTICE GIRDER
(a} Dimensions

See Fig. 6.15: lattice mrder fabnicated from tbular sections, span 8.0m:
spacing 3.5 m.

Timbar joists ot 0.5 m centres

1 2 3 4
1l Il L a_p 0 74 a 1 0 I P | n_f 1}

4
5 N0 4 N2 AN ssW\/\/V

5 6 7 8

Ball0m=80m kJ

(b} Loading

Timber joist floor 0.5 kN/m?
Fioor Amshes 0.2 kN/m?
Imposed load 4.0 kN/m?

Dead load on timber joist:
floor 0.3 x 3.5 % 0.5=088kN
fintshes 0.2 x 3.5 x 0.5 =035kN
weight of fruss {estimated)== 0,37 kN
Total load Wy = 1.60kN
Imposed load on timber joist
;=40 x 3.5 x 0.5=7.00kN

T.oad on girder from each joist = L4, 4+ 1.6V,
=14 x 1L.60 x 1.6 x 7.00=13.4kN
Concentrated joad at nodes = 26.8 kN
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{c)

Truss forces

Analyss of the truss”- under the nodal loads gives the member forces (KN
i the table:

Top chord Bottom chord Dinponals
Member  Force Member  Force bMember  Foree
1 138 5 - 107 ) 152
2 322 6 —268 1 ~1d4
3 402 7 —375 11 11
4 429 8 429 12 —76
Joist loads 13.4 kN 13 76
, B4 -33
SRR 15 38
A \ 16 o
W0m | 10m
2. 6.16 Compression force 15 positive.
(¢) BM in top chord
{See Fig. 6.16)
BM in continuous top chord = JFL/8
=134 x 1.0/8=1.68 kNm
(g} Top chord
Max. compression F =429 kN
Max. BM M, = 1.68 kNm
Use 90 x 96 x. 6.3 RHS
I =34.{ mm
Fig. 6.4 Slenderness 4 =0.85 x 1000/34.1 =25
BS rable 25 Strut table for RHS is table 272

BS table 27a

clause 4.8.3.2

Compressive strength p, =270 Nfmm®
Compression resistance P, =4, pe
=209 x 270 x 107 =564 kN
Section chosen is plastic (0/T = )
Moment capacity M, =p, §

=275 x 65.3 x 107 = 17.96 kNm
Local capacity check

Fldg pptmy MM, P 1
429/(20.9 x 275 = 1075+ | .68/17.96=0.94

Section 15 satisfactory.

Lateral torsional buckling need not be considered il compression flange 15
positively restrained connected to the imber joist foor, or for box sections
(clause B.2.6.1),
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(f} Bottom chord 2. Truss analysis Coates R.C,, Coutie M.G. & Kong F.K. {1988)
Analysis of plane trusses, Strucrural Analysis pp. 41-51

Max. tension F=429kN Van Neostrand Remhold

3. Bolt design (1991} Sreefwark Design vol. 4, pp. 10/1-18/10 Steel
Use 9 x 98 x 5 RHS ! Constructton Inshiuie
Tension capacity P, =A, p, i 4. Weiding (1991} Steelwork Design vol, 4, pp. 11-11/15 Siee!
=16.9 x 275 x 107 =465 kN Construction Institute
. 5. Friction gnp bolts {1991) Steetwork Design vol. 4, pp. 10/1-10/10 Stecl
Section 15 satisfactory. Construction Institule
6. Wind pressure BS 6399 Design Loading for Buildings
. coefficients Part 2: Wind foads {1993%)
Diaponal
7. Truss defiecnion Marshall W.T. & Nelson H.M. {1993} Deflection of
5_ ________________ (See Fig. 6.17) Structures, Strretwres, pp. 271-98. Longman
t ’ 8. Truss deflectipn YWang C.K. (1983) The graphical methiod, furerinediare
Max. compression F =52 kN ' Structural Analysis, pp 93-99. Pecpamon
Max, tension =14 kN 0. Virtual work Marshall W.T. & Nelson HM. {1990} Viruat work
Use 50 x S0 x 3.2 RHS and energy principles, Strucrures, pp 501-31. Longman
Fig, 6.17 ro =19.0 mm E0. Virtual work Coates R.C., Coutie M.G. & Konpg F.X. (1988)
, 6. Slenderness i =0.7L/, =0.7 x 500/19,1 cos45° =36 Applications of the paneiple of viral work, Strucnral
BS table 274 Compressive strength p. =269 N'mm* Analyss, pp.134-15 -.VM Mostrand Reinhold
Compression tesistance P, = A, p, 1. Connzetina of RHS CIDECT (1983) Welded joints. Construction with
_ "\ESN % 760 x 10~ =160%N . Hollpw Steel Sechions, pp. 12943, British Stee}
e - - Cosporation Tubes Divis
Tension resistance P, =5.94 x 275 x 107 =163 kN 7 oo .

Section 15 satisfactory.

{h) Connections

All welded jomts with continuous 4 mm welds.

Weld length =2{50+ 50/cos45%) =241 mum
clanse 5.6.5.1 Design streagth p,, =215 Nimm?®
Weld resistance =07 x 4 x 241 x 215 = (45kN

Tie maximum forces which may be ransmitied between hollow steel
sections are more complex and detailed references may be consulted if
required® ¥

As n Section 6.7, the number of section sizes would be limited in practice,
with the allowable varation m member sizes depending on the degree of
repetition expected.

STUDY REFERENCES

Topic References

i. Truss analysis Marshall W.T. & Nelson H.D1 {1990) Anslysis of
staically determinate structures, Srructres, pp. 10-19,

Longman,
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7.

SIMPLE AND COMPOUND
COLUMNS

Coinmns, sometimes known as stanchions, are vertical steel members m both

smgle and multi-storey frames. They are principally designed to carry axial
loads m compression, but will aiso be subjected to momenis due to
eccentnicitics or lateral foads or as a result of being part of a ngid frame, ie,
contmuity moments, In some structures, particularly single-storey frames and
top lenpths i multi-storey frames, the moments may have greater effect 1n
the design than the axial compression; under some loading combinations
axial tenston may oeeur {see Section 2.7{d) and Table 12.7).

Where columns are principally compression members their behaviour and
design are similar to these of struts (Section 6.4). The loads camed are -
usually larger than those in typica! fruss members, and the stmplificalions
adopted in truss design (Section 6.2) should not be applied.

TYPES OF COLUMN

Typical cross-sections used in column design are shown i Fig, 7.1, While |

any seclion may be used, the problem of instability under axial compressio
results in preferred sections of circular or square types. Buckling is likely t
oeenr about the axis of lower bending resistance, and the use of sections
having one axis of very low bending resistance is usually uneconomic.
However, as the range of hollow structural sections 15 limited, and making
connections 15 more difficuls, the H and [ sections are frequently used.

Columns may also be built up from smaller sections or plates, bemng eithet!

welded of bolted together as in Fig. 7.2. In some cases, the column may tak
the form of a lattice girder, which will be particularly economic where larg
moments oceur, such as tall building wind frames, masts and cranes. The
taced column and the battened column shown in Fig, 7.3 are used in cases
where overturming moments due to wind or eccentricity {crane gantry
lpading) are high.
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1.2

Preterred
3
AHS CHS
Others
} [ RSA
UB
| — - ;1 —_——
ASCs HSAs
and and Welded
piate latiice box

I

s
o |

Laced Batiened

AXIAL COMPRESSION

Columns with idealized end connections may be considered as failing 1 an
Euler-type buckling mode!'* However, practical columns usually fil by
nelastic bending and do not conform o the Euler theory as:;umptmns“"‘};
particularly with respect to elastic behaviour. Only extremely siender
columns remam linearly elastic up 1o failure. Local buckling of thin Hanges
rrely occurs in practice when normal rolled sections are used, as their flange
thicknesses usually conform to clause 3.5 of BS 5950,

The behaviour of columns and therr ultimate strength are assessed by thewr
slendemess 1 and the materal design strength p,, which ate described briefly
i Section 6.4. .
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7.3

Fig. 1.4 Eng fixy/
effective ength

SLENDERNESS

Slendemess 15 given by:
Awsbgfr

where Ly =effective length
r =radius of gyration

The effective length of a column ¢ dependent on the resitaint conditions at
each end. If perfect pin connections exist then Lg equals the actual length, In
practice, beam type membess connected to the end of a column, as weil as
giving positional restramt, provide varying degrees of end restraint from
virtually full fixity to nearly pinned.

BS table 24 idicates m broad terms the nomaal effective length of o
column member, provided the designer can define the amount of positional
and rotational restraint scting on the column in question. The various classes
of end fixity aliuded-to i BS table 24 represent a crude classification, as
indicated in Fig. 7.4, The nomnai effective lengths tend to be lonpger than
those chiained using the Euler values as they fake cogmzance of practical
conditions: that is, there 15 no such condition as “prnned’ (unless a pin 13
detiberately manufactured, which would be costly) or *fixed’, Therefore,
taking the case having both ends *fixed’, in reality the ends would have some
flexibility; hence a value of 0.7, mther than the idealized Euler value of 0.5, 15
used. Although these values i BS table 24 are adeguate for column members
in multi-storey butldings designed by the “simple design’ method, a more
aceurate assessmeni 15 provided by section 5.7 and appendix E of BS 3950:
Part 1 for columns 1n ‘ngid’ frames (confinuous construction).

‘The restrmint provided may be different about the two column axes, and in
practice in steelwork frames this will generally be-the case. The effective
lengths 1n the two planes will therefore generally be different, and so will be
the slenderness (A, and 4,). For axially loaded columns the compressive
strength p. 18 selected from BS tables 27a 1o 27d for both values of
siendemess, and the lower strength 1s used in the design, wrespective of axs.

Frae n
positicn
g
1.0L I a8sL 0.7¢ 1.2L
Pinnod
Pansat
Te5Eraint sn
direction
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Fig. 7.5 Column loads

The effective length of a column i a smgle-siorey frame 15 difficult to
assess from considerations of fixity as 1n Fig. 7.4 and hence BS 5930: Part |
grves these special consideration. Clause 4.7 3¢ and appendix D1 should be
used for these cases.

1t 15 essential to have a realistic assessment of effecirve length, but n
should be realized that this assessment is not precise and is open to debare,
and consequently it 15 not reasonable 1o expect highly accurate strength
predictions in column design. Interpolation between the values 1 BS table
24 might produce more accurate estumales, but such intemolation must refiect
the actual restraint conditions,

BENDING AND ECCENTRICITY

In addition to axial compression, cofumns will usuaHy be subjected to moments
due to hornizontal londing and eccentnetty of connections earrying vertcal
loads. The types of lond that can ocour are summanzed in Fig. 7.5 in which:

I, s the vertical load from a roof truss, taken as applied
concentrically (clavse 4.7.6a(2))

W'y are horizontal loads due to wind, applied by side rails

We and Wy are the crane gantry loads, applied tuough a
bracket at a known eccentricily

Wy is the self weight of the column/sheeting

Wz is the resulinnt force carred through the truss bottom chord

In single-storey column and truss structures load ¥z oceurs whenever the
columns carry unequal honzontal loads or unequal moments. Values of the
resultant force for different arrangements of honzontal foading are shown in
Fig. 7.6.

In cases such as most bearm/column conneclions where eccentrieity is not
known precisely, ciause 4.7.6 states that a value of 100 mm from the column
face (flange or web as appropnate) shouid be used,

For the design of a column under a load system such as that shown 1n
Fig. 7.5, load factors yy must be included in the caloulations. Each load may
compnse one or more load types, e.g. load Wy will be wind load only, while
I¥,; may consist of dead load, imposed and wind load. When loads are applicd
m combination, different load factors may be required for each load group
{see Chapter 2). Unlike simpie load cases, it will no longer be clear which
combination produces the highest ax:aal forces and mbments. Complex load
cases, os shown i Fig. 7.5, may require all possible combinations to be
examined, although with expengnce three or four worst arrangements may be
selected, The best way of examinmg the effects of all or some combinations
15 the use of matrices. Matnix manipulation should be arranged i the
followng maenner:

Unfactored load matnx =[]

Load factor/combination matrix =[]

Factored load matrix [V, ] =[IF} x [yl

Axtai force and moment coefficient matrix {e)

Axral foree znd moment matrx [FM}=[11,]7 = l«]
This matrtx method is demenstrated in Section 7.7
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Leading _We 7.6 OVERALL BUCKLING
W, + Wal
ﬁ,:"- *T,‘,z ; The failure of columns, whether carryving moments combined with an axtul
= load or not, will commoesnly mvoive member buckling. The assessment of
] ks overall buckling resistance involves the same factors and procedures a5 given
: n Section 3.2, but with an additional term for axual load, Using a simplified
approach (clause 4.8.3,3.1) the overall buckiing check is considered 1o he
w W 3 satisfactory if the combination relattonship = satsfied.
H 1 18 .
- . Fldg po+m MMy +m M ip, 241
where p, is the compressive strength (Section 6.4)
" myny,. are the eguivalent uniform moment factors (Section 3.2)
W, W, 0 My 15 the buckling resistance (Section 3.5)

Z, 15 the munor axis elastic section modulus {compression face)

A more exact approach {ciause 4.8.3.3.2) may be carried cul usimg M, and
Moy, the maximum buckling moments about major and mnor axes in the

3
We = o (M + M) o
£ T presence of axsal load, In thig approach:

Flp. 7.6 Resultant force
i rocf truss bottom

cherd

oM M+ m MM B

1 .
: ;

7.5 LOCAL CAPACITY
7.7 EXAMPLE {1. COLUMN EOR INDUSTRIAL BUILDING
At any szction in a column the sum of effects of axial load £ and moments
M, and M, must not exceed the local capacity, This s considered to be

- t ) . {a} Dimensions
satisfactory if the combination relationship satisfies the following nteraction

; cc;nailf:m: (See Fig. 7.7)
; 2 Overall height i25m
{a) for piastic anf:ﬁ comparct sections: o Hewght of crane rail 10.0m
UB, UC and josst sections : Free standing brick wall  2.5m
! . Crane rail eccentneny 0.5m
v £ 4 , .
(MM )+ MM L N Cladding eccentricity 0.25m

RHS, CHS and selid sections

(MM V2 (MM YR 5

(b} Loading (unfactored)
Channei, angle and all other sections

r
MM+ M /M, 3 1 Roef truss reactions i, .

Dead load S50%N
where M, and A,y are the reduced plastic moments in the presence of ) Im_pt}.sed load TREN
axial load, as defined in reference (5). ‘ Wind load {suction) SOkN

7
{b) For semi-compact and slender sections, and as a sunplified method For Crane girder reactions (vertical) I

ia) Dead toad (pirder self weight) 20kN

1 L ay
compact sections in (a) Crune load incl. mmpact {nearside) 220'kN
Fidy py + MM oe ¥ MM F 1 Crane load (far side) 150 kN

Crane girder reaction (Lonzontal) #,,-
Crane surge load 6kN

1 where 4, 15 the pross sectional area and M. and A, are the moment
capacitics defined in Section 3.4,
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Of these combinations, three cases are selected as shown and are miven in

|W,, Wind on side of building Wy.
mamx form {y/):

Wind load tudl above bnickwork) 55 kN

Wg il |

i}

Ly
e

Self weight {column) Wy

12, +10 W, +14 W, +14 17, case {i}

12 W,4+16 F +1.6 W, case {if)

1.2 Wy +12 W +1.2 W, :

12 W+ 12 W+ 12 W, +1.2 W +12 1, case (i) Fig. 7.8 Fig. 13 Fig. 7.10

Dead load 10kN
W, ) Case {I Case {ii Case flif
" T Cladding #pe ase (1) ase {if) ase (i)
Dead foad 16 kN Wy 12 L2 1.2
W 1.6 L6 1.2
The resuttant force (g for wind) depends on the difference between the wind ., id 1.6 1.2
g loading on the column being designed and that on the sumilar column on the F’:,h 1.4 0 1.2
o far side of the building {Fig. 7.6). If the wind load on the far side 15 zero: W 0 0 1.2
= We=3(53+0)16 =103 kN
— (= . .- - — e - -
= The resultant force (I¥y for crane} depends on the difference in the crane {d) Factored loading
{vertical) loading on the near and far side columns (Fig. 7.6)
§ We=3(220+ 150)0.5/(4 x 12.5) = 102 6N As s.huwu 15 Section 7.4, the factored loading matrix 1s
w [Wy ="} % [y kN
E The resultant force { IV for dead load) depends on the crane girder dead joad
o producing moments 1n opposile directions:
. .
©) We=3(20+20)0.5/4 x 12.5) =].2kN Case (i) Chse [if) Case (it}
Fig. 1.7 Note that the crane surge joading (horzontal) produces no resuliant force m W, 185 185 46
the truss as 1t induces egual loads m both columas, and in the same direction. iy 0 b 66
] We 332 376 288
All the unfactored loads may be shows m the Toad mamx [} kN: Wye 8.4 a “2
1% 12 12 12
Woc 19 19 19
Bead Imposed  Crane Crane Wind We 137 178 260
load foad lond load load
vertieal horizontal
W, W, w., W w, The loads for each joading case ean be shown on disgrams as 1 Figs. 7.8, 7.9
W, 50 78 0 0 -90 and 7.10,
Wy 0 0 8 ] 35
We 20 0 229 0 o
Wae 0 0 6 6 0
Wy 10 0 0 0 o
Wor 16 0 0 1] i} i85 185 48
We iz 0 102 ] 103 i 187 }_ i 4 26.0
B
#332 ;375 * 288
. P g l__,_
. {c) Load factors and combinations 8.4 - 4 72
66
clause 2.4.1.]  Possible combinations of the different loads are: 19‘ l» 12 19} * 1 ' ‘ 1
b4 Wy 416
LA W14 7,
w4 416 W,



http://www.cvisiontech.com/pdf_compressor_31.html

88 STRUCTURAL STEELWORK DESIGN TO BS 5950

(e

(%

Coefficients

Bending moments and axial forces are produced by the factored loads. To
calcuiate axal force all vertica] loads above the cross-section being checked
should be added together. To calculate bending moments the products of
force and distance should be added together. This 15 agam usefully shown in g
matrix [a], for mxal force F and bending moment Af. The BM values are to be
calculated at three positions as shown in Fig. 7.7. The coefficients for BM are
n metres.

F My My M,
", } 0.0 0.0 0.0
Wy 0 75 28] 0.13
We 1 0.5 0.5 0.5
Wise 0 10.0 5.0 0.0
Wy i 0.0 0.0 0.0
Woe i -0.25 —.19 —0.06
Wy 0 —~125 ~1.5 ~2.5

The coefficients for BM in relation to the joad 7 allow for & reduced value
of g as well as a reduced distance 1n calesianng a for positions 2 and 3. For
example:

My =Wg {7.5/10} x (1.5/2}=2.81F,

hence a=281 m.

Similarly the value of iFpc decreases for points 2 and 3 and this is reflected
i the value of «

My = Wpe (7.5/10) x {~-0.25}= —0.19 Wpe

BM and axial force

As shown m Section 7.4, the BM and axial force matnx is

[F, M]= 17, 1% x [a]

Fy M, M,y M
Case (i) 548 49 7 i3
Case §ii) 592 —41 50 j42
Case glil) 345 381 167 85

The BM diagrams for each load case may be drawn as i Fig. 7.11.

i
i
i
i

SIMPLE AND COMPOUND COLUMNS  BS

Fig. 7.11

BS table 6

clause 4.8.3.2

(h)

BS appendix D (fig. 19)

BS table 270

BS table 27¢

A,

167

{g)} Loecal capacity

Use a 365 x 385 x 137 UC szction (grade 43}, This 15 a plasitc scction
(6/T =78, d/t =17.9) and has a design strength p, =265 N/mm?

Moment capacity M., =p, S;
=265 x 2298 x 107" =609 kNm
=174.6 x 265 x 107 =4630 kN

Ag py
CASE (i}
Local capacity check (simplifed):
Fldg p, +MAM, #1

548/4630+ 125/609 =0.32

CASE {ii}
Local eapacity check:
592/4630 + 142/609 =10.36
CASE (iij)
Local capacity check:
365/4630+4-381/609 =0.7¢

Overall buchling

For compressive strength, the stendemess 1 15 based on an effective length
Lg.

Lpy =15 x 12.3=18.75m, or
Ley =0.85 x 10.0 =8.5m
A =Ly, = 18750/137=137
Pe =86 N/mm?
Ay =8500/78.2 =109
pe =110 N/mm?

5
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Use tower value of p. to oblain compression resistance: B =86/381=023
¥ =-381/6T=—5.7

Ag Py =174.6 x 86 x 107" = 1500 kN 8BS tables 16, 17 n =073

. Arr =071 x 0.851 x 0.71 x [09=47
For momeat resistance, the buckling strength 1s always based on the minor BS tables 11 Buckling strength py, =238 N/mm’
axis siendemness: Buckling resistance M, =738 x 2298 x 1077 = 3547kNm
Ay Lefr, =109 ] Simplified overalt buckling check:
x == 14.1 {torstonal index)
A =717 363/1500+ 1.0 x 3817547 =0.94
N =03
BS table 14 v = (.7] Section is satisfactory. Using a smailer section (305 % 305 x 118 UC) resulis
1 =085} : m the simplified buciding check > 1,

CASE (i)

BS table 13 n=1.0, m < 1.0, as the column 15 not loaded along its length for this 1 .
combinration, ! 264 o

2
0
>
U

n

g

6 .

%XAMPLE 14, LACED COLUMN FOR INDUSTRIAL BUILDING
0 .

E_)imensiuns
B =49/125=0.39 178 E |
BS table I8 m =072 i . Pnncipal dimensions are as Section 7.7(a) but the cross-section s revised ag
FRpap— | 12 shown {Fig, 7.12).
. =50 x 0.85F x 0.7 x 10966 '
BS table 11 Buckling streagth p, = 194 N/mm® \\4
Buckling resistance My s=p, S, 6 [T .
=194 x 2298 x 107> =446 KNm 1 U (8)  Loading f
12
Simplified overall buciding check: i 13{ ™) As Section 7.7(b).
! AN
Fidg pe +m Ay, 21 ’ l
SAR/1500+0.72 % 125/446 = 0.57 ! ™ {c) Combined force and BM
sam|[el|agm
N Combinations of loads may be considered as before {inctuding v, factors)
CASE (i) ! AN using the same values of I¥; to Wg inclusive. Maximum values of BM and
As for case i), =10, m < 1.0 N\ force will vory slightly owimng te the revised crass-section,
A =T . Consider case (iii} only, re, 1.2 (dead+ crane + wind + 1mposed):
=40/ 142 = —-0.28 1am ¢
BS table 18 ,f: =0.48 } - —. Max. BM =388.0 x 04472 x 10.0+66.0 x 7.5
_ _ O ~26.0 x 12.5—19.0 x 0:65—46.0 x 0.4==326kNm
As for ease (i), buckling ressstance = 446 kNm Axwad force =46.0+288.0412.0419.0=365 kN
Simplified overall buckling check: BE}B
; :
592/1500+ D48 x |42/446 = 0.55 | Flg, 712 (d) lLocal capacity
: A
CASE {iif) : clause 4.7.8  The design of a laced column may be carmed out assuming i to be a
: single wntegral member, and checking the design of the lacings.
8BS table 13 m= 110, n< 1.0, as the column 1s loaded along s leagth for this ? Use nwvo —305 x 127 x 37 UB sections. These are semi-compact sections
cambinatian. i [B/T =14.2) with a design strengtl p, =275 N/mm?

55 43

om{iressior NISION'S: O ES
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Moment of inertia of combined section
o =2 (3374475 % 40%) =152 670 cm®
Z, =152 670455 = 2776 ey’
clause 4.2.5 Mo =p, Z, =275 % 2776 x 10> =763 kNm

Local capacity check

Fidg p+M /M 71
36542 x 47.5 % 275 x 107 ")+ 126/909 == 0,50

(e} Overall buckiing
For compressive strength the overall slenderiiess £ 15 based on an effective
length:

BS oppendix D (fig. 20/ < Lg, =15x 100=150m, or
bigy =085 x 10.0=85m

ra =)
= /1152 67042 x 47.5)]=40.1 cm
Aq =Lgra
= 1500/40.1 =37
Ay mmLgyfry
=85(/12.3 =469
! Local stendesmess A, =L,
= 1000/26.7=38
clause 4.7.3g Limiting value for A, =30
Overall sienderness 4, ¥ 1.4
= 1.4 % 38
=53

BS table 270 Compresstve strength p, based on the highest value of 2, ie. 69:
Pe =225 N/mm?

Bending about the 4—4 axis (Fig. 7.12) can be assumed lo produce axtal
forces m the UBD sections.

A Axtal force =moment/centroidal distance between UBs
R =326/0.8 =408 kN (tenston and compression)
Maximum compression in one UB
=408 4-365/2 =591 kN
i Compression resistance P, =g p,
5 =475 % 225 x 107 = 1069 kN
Section 15 satisfactory.

SIMPLE AND COMPOUND COLUMNS 93

)

clause 4.7.&h

BS table 27c

Lacings

Max. force m lowest diagonal = {66.0 + 7.2—-260)cos 51.2°
=75.5kN (compression)

1n addition, the iacings should carry a transverse force equal to 2.5% of the
axial column force, Le. (025 x 365=9.1 kN, Note that the orginal value of
1% 1 ctause 4.7 81 was considered too small.

Lacmng force =9.1/cos 51.3° =133 kN
Total force =755+13.3 =88.8kN

re. 44.4kN on each side of column.
Use 60 x 60 x 6 equal angle:

Effective length of lacing =/ {0.80° + 1.00%] = :.28 m
A =1280/117
= 109
Compressive strength p. =1} N/mm®
Compression fesistance P, =dg B
=691 x [11 x 107

=T76.7TkN
Section iz sattsfactory.
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7
COLUMN BASES & BRACKETS Y =
o o [+ o

Fig. 8.1 Column bases Slay base Gussated base
The transfer of {orce between one element of a structure and the next requises
particular care by the designer. A good detail may resuit from long 8.1 DESIGN OF COLUMN BASES
experience of the use of structural steelwork, and many examples are Col b .
available for students to copy or adapt*™® However, equally good details olums bases fransnut forces and moments from the columa to uts
mny be developed with less expenence providing the {c;llnwmg basic foundation. The forees will be axial loads, shear forces and moments about
principles are adhered to: : either axis or any combination of them, Shear farce 15 11 reality probably

transmitted by friction between the base plate and the foundation concrete,
“but 1 15 common in design for this shear force to be resisted totally by the
holding down boits.

The common destgn case deals with axsal load and moment about one axis.
If the ratio of moment/axial toad is less than L/6 where L 15 the base length,
then a positive beanng pressure exists over the whole base and may be
calcutated from equitibrium alone. Mommal holding down bolts are provided
1 this case, and at teast two are m fact provided 1o Jocate the base plate
accuralely. If the mtio exceeds base length L/6, holding down bolts are

required to provide a tensile foree. Both arrangements are shown n
erecior. Fig. 8.2. :

o The forces to be carmed must be set out and transferred between
different elements of the connection, s.e. a realisuc load path must
be assumed within the connection.

o Simplicity of detail usually produces the most effective and robust
enpineertng soluton, provided strenpth and stiffness requirements
are satisfied,

e  Any detadl must be practicable and cost-effective, both from the
pont of view of the steelwark {abricator, and from that of the site

Column bases and brackets are connections which carry forces and

reactions 1o a columan element. Bases wransfer reactions from the foundation _ F ':I\ M FI ™ y
to the ealumn, while brackets may be used to transfer loads from crane . } )
grrders or similar members. In addition, columas may recetve loads via beam i _1l %” < é ML
connections {see Section 3.7g) or cap plates (see Section 6.6). u F>s

i I

%"ﬁesring Y

prassurg Bﬂgt
ieasion
. . .
8.1 COLUMN BASES : Flg. 8.2 Bearing pressure {a) ]

Two man types of colums base are used end these are shown 1 Fig. 8.1, & Where tension doss occur in the holding down bolts, a number of methods
Welded or bolted constniction can be used, or 2 combination of both, the of design are posgible:
decision being dependent on whether or not the base 13 attached to the column
dunng fabncation, or later dunng site erection. In general, the simpler slab 1. Ttis assumed that the bearing pressure has a linear distribution 1o a

base is used 1n small and medivm construction when axial load dominates.
The gusseted base 1s used in heavy construction with larger column ioads and
where & certair amount of fxity 15 required.

maximem value of 0.4 ., where J7, 15 the concrete cube strength.
This basis 15 suggested in clause 4.13.1 and analysis of the beanng

. pressure and boll stresses may follow reinforced concrete theory
2

Construction requurements and details are given 1n reference (3). (Fig. 8.3).
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Fig. 8.3 Remforced
concrete theory

Fig. 8.4 Approximate
analysis

. #; = tansile stress i belis
" b2
Y d=l~n

—
I , t, = heanng pressure
-
m = moduiar ratic
Ay = lotat boil cross section
L dy = 0.5{d - n} + MIF
Ay =Bmad A8

Breadih B

yissolutionot p7 - g - )yl Ayp— Ayd=0

fo = 81 Fl{By{3d ~ ]
by = mf{dfy - 1}

2. An alterative approximate amalysis 15 sometimes used which

assumes that the permssible stresses for steel tension asd concrete
beaning are reached together. This method is shown m Fig. 8.4.

fre
P{L

T I[ j Pe
- Lr
¥ d=t-n
L y=mpedlimp, + g}
c=M+Filf2-nl
Breadih B d- 3
T=C-F
Resultant comprassion C f=2078,

Aesultant tension T
Permissible comprassive stress p,
Permissible tensiie stress B

3. A reclangular pressure distribution may aiso be used, which leads
) to a siightly different plate thickness and balt sizes. The analys:s s
' based on reinforced concrete theory for ultimate limst state,

In general, the first method is used to obtam bearmg pressures and bolt
stresses. The thickness of the base plate 15 obtamed using the steel strength
by from Table 1.2 of Chapter 1, but noi more than 270 N/mm?,

Maximum moment wn plate # 1.2p,, Z (clause 4.13.2.3) where Z is the
elastic modulus of the plate section.

i For the case of concentne forces only, the base plate thickness may be
?blamed from clause 4.13.2.2,

i
BRACKETS

Brackets zre used as an allemative to eleated conneclions {Section 37g) anly
where the latter are unsurtable. A common case of this situation is the crane
girder support on & column (Section 5.3k). The eccentric connection by the

COLUMN BASES & 8RACKETS 97

Fig. 8.5 Brackets

8.4

bracket 5 necessary for the chosen structura) arrangement. [t does, hawever,
generate large moments m the column (Sectson 7.7c) and 1s therefore used
onrly where 1t 15 essential to the steelwork layoui.

Brackets may be connected eitlier to e web or to the flange of the cotumn
using bolts, welds or a combination of the two. Examples are shown m Fig.
8.5. in Fig. 8.5(a}, the moment acts out of piane producing tension m the
bolts, while n Fig. 8.5(b} the moment is in the plane of the connection
resulting in o shear effect mn the belts. The bracket may be fabneated from
cffcuts of rolled sections, or from plates appropnately shaped and welded
together. Connection to the column may be made during Fabricatior, or the
brackets may be attached during site erection.

L
J !

W Boltsin

W_\‘iwﬁ_'Lh\ tension
g }
i
!
i
|
ST

Boits i
shear only

=

\al Face coanected moment
{out of plane)

b} Lapped tofrsignal moment
{in plana)

DESIGN OF BRACKETS

Brackets are subjected both fo 2 vertical shear foad and 10 a momenl due i
the eccentricity of the vertieal load. Note that the moment will vary with the
point in the bracket uader consideration. A bracket may also be subjected to
horizomal loads, but these are usually of a secondary nature, or may be
covered by a special detail (Fig. 5.11).

Vertical loads are supported by welds or by bolts acting 10 shear. Ideally,
the moments aiso should be carned by bolts 1n shear (or by weids), but some
bracket arrangements shown v Fig. 8.5(a} will give nse o bolt tension,

Vertiical load #is divided between the bolis or weld group uniformly so
that;

Bolt shear =JF/N kN
ar

Weld shear = IF/L,, kMNfmm
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5

whuere N is the number of bolts e 8.5 EXAMPLE 15. DESIGN OF SLARB BASE
L,.1s the tolal weld length {mm} ¥ :

{a) Dimensions
For a weld design strength of 215 N/mm? (BS table 36), weld capacities

{kN/nun) may be caiculated for each weld size, Note that the weld size is in : 305 % 305 x 137 UC column
fact defined by the leg iengih, and the design dimension 1s the throat distance,
Le. throat size = leg fength/v/2. Values of weld capscity arc given m {b) Loading
reference {4).
. Where the moment produces boit shear only (Fig. 8.5) then the shear on All loads melude appropnate vatues of y,
each bolt 15 grven approxamately by; Case (i} Maximum vertical load 14004N
o o Case (11}  Largest moment under maximum load conditions:
Bolt shears= Hfgdmmj}:di moment 60 KNm and 850 kN s
'HI Case (iii} Largest momeat under mussmum load conditions: e
where dis the bolt distance from the bolt group centroid. e @ moment 85 kNm and 450 kN

For a weld group the approximation s: ' !

T (¢) Bearing pressure
3
Weld shear = Wed,, . /1, i

£ {See Fig. 8.6.) Assume base 520 x 520 plate zad four bolts (grade 4.6)

20 mm diameter,

' . 2 .

where 1, is the /; + 1, for the weld group (Fig. 8.11). _ 5 = Tension boll area A, =2 % 243 =490 mm>
I some cases the moment produces bolt 1ension and in these cases bolt 520 d =520 — 50 =470 mm

force 1s considered proportional (o distance from a neutral axis, The neutral - =em

- \ Fip. 8.6
tak @ .
axis may be taken as d./7 in depth*’, and as a result; CASE (i) LOADING
Bolt tension= Wed,,,./Td* Assuming a concrete cube strength /5, =30 N/mm®
clause 4.13.1 Permussible pressures=0.4 x 30 = 2.0 N/mm®
where o is the bolt distance from the newrat axis. Pregsure = 1400 x 103520 520)s=35.2 N/mm*
For & weld group:
CASE (i) LOADING
— I},
Weld shear = IFPed, ../t M/F = 601850 =71 ram
Lib = =
where I 15 the equivalent second moment of area of the weid sbout the weld MAF (53,2]6 87 mm
group ceniroid. _ - 2 7
The effects of verucal load and moment due to eccentnicity must be added Base area A =320 x é-{]zmm 3"2?00 £m 2
. L Base modulus Z=520 x 3206 mm” =23 400 cm
either for individual boits, or for points 1n & weld run. Clearly, those points of 2
. . . Pressure = F/4 +-M/Z=16.11 N/'mm
maxtmum force or sfress need to be checked, which oceur at positions
furthest from the group centroid or neuiral axss.
Where the moment produces shear sn a bolt, vectonal addition may be CASE (i} LOADING
used. In cases where the moment preduces tension a combined check may be M/F = 85/450 = 189 mm )
used {clause 6,3.6.3) Fig. 83 d) =0.5(470—50) + 85 x 10*450=1339 mm
Av =6 % 399 x 15 x 490/520=33.8 x 0% mm?
F/P + F /P # 1.4 for ordinary bolis .
The distance y(Fig. 8.7) 15 the solution of:
3 2 C
where F, is the applied shear _J yooMd —dy tdiy—dd=0 .
P. 15 shear capacity ) —‘I?{[Iﬂll y 3470 —399) ¥ 338 x 10° p —33.8 x 10" x 470 =0
F. is applied tension . ; hence y=288 mm _
P, 15 1enson capacily 59 { 4 | Pressure Jo == 6d\F/[By(3d —p )}
: 830 =6 x 339 x 450 x FY[520 x 288(3 x 470--288)]
For a weld group al! combinations of verncal load and moment produce f =6.41 N'mm?

TR 1
shear 1n the weld, and veclonal sddition 1s used as necessary. Fig. 8.7 Beaning pressure satisfaclory (< 12 N/mm®)
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{d} Bolt capacity

clause 6.3.6.1

(e)

Iig. B.B

Table {.7

clause 4.13.2.3

clouse 6.6.5

=mj;:(d/'j’— I)

=15 x 641 (470/288 — 1) =61 N
Force/bolt =61 x 245 x 107 = 14.9kN
Bolt capacity P, =p, 4,
=195 x 245 x 107 =d47.8kN

Bolt stress f;

Bolls are satisfaciory.

Plate thickness

{See Fig. 8.8))

i)

Maximum bearing pressure from case (i) leading = 6.41 N/mm*
Maximum BM {assummg constant pressuge)
=641 x 520 x 100%2=16.7kNm
Some reduction of BM may he found by using the trapezium pressure
distribution.

Try 25 mm thick plate:

_%’25

£.41 N mm?

Py =265 Nimm?
Phte modulus 7 =520 x 25%6=54.2 x 10° mm’
Moment capacety =1.2p,, 2 .
=12 % 763 x 54.2 x 1077 =17.2 kNm

Plate 15 satisfactory.

For larger loads and/or moments, a pusseted base may be requred,
particutarly if the thickness of = slab base would otherwise exceed 50 mum.
The design 15 the same 85 piven above, but 1z Section 8.5() the plate
moduivs Z is based on the combined effect of plate and pussets. At
thicknesses greater than 25 mm, steel grades other than 43A may be needed to
avoid the possibility of bnttle fracture (BS table 4).

Column/base plate weld

The weld is commonly designed to earry the maxsmum moment, iguonng the
effect of vertical load. All compression is taken m direct bearing (Fig. 8.9).

Maximum tenston m fange =MI{D~T)

=85 x 10%300=283 kN
For one flange weld length =2 x 308==616mm
Weld shear=1283/616 = (1459 kN/mm

Use 6 mm fillet weld, capacity™ 0,903 kN/mm

Weid 15 satisfuctory.
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8.6
{2}
{b)
(c
20
3}33_5}_“ 218
i/\ E
Fig. 8.10
(d)

clause 6.6.5.3

=

g‘l‘Q
g F

X

190
Y
8mm :t::
weld v

Fip. 8,11

| ]

|

EXAMPLE 6. DESIGN OF CRANE GIRDER BRACKET {FACE)
Dimensions
(See Fig. 8.10.)

Column 610 x 229 x 140 UB
Crane girder sccenineity 550 mm

Loading
Maximum rail reaction 462 kN

{inciuding approprate values of /)
Crane surge load camed by diaphragm restramt

Bracket

Use offcul of 457 x 191 x B9 UB (grade 43A)
Maximum BM in bracket

M,=462 x 02215 =102kNm

Shear capacity P, =0.6p, A, -
=& x 273 x 10.6 x 463.6 x 10
=811 kN

Shear force F, =462 kN

F, /P, =057 <0.60
Moment capacity M., =p, S;
=265 x 2010 x 167* =533 xNm

Bracket 15 satisfactory.

End plate weld

{See Fig. 8.11.)

Shear force =462 kN
Moment =102 kNm

Ejse 6 mm fillet weld

Weld length=4 x 190+2 x 420=1600mm

Weld force {vertical load) =462/1600=0.289 kN/mm .
Weld second moment [}, =2 x 42031244 » 190 x 2207
=49 x 10°mm’

= ML,

=102 x 1077 x 220649 x 10%
=0.458 ki¥/mm

Weld shear {moment)

Note that 1n this case, the vertical shear and the shear due to mement act
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Bolt tensipn

100 f 100 |

51100

[
5

Fig. .12

(e)

clause 6.3.2
clawse 6.3.3

clauye 6.3.6

8.7

{a}

(b)

(<}

perpendicular to each other, and the resultant shear s obtamed by vectoria}
addition.

Resultani = \/10.2892+0.4532]

=542 N/mm
Weld capacity =0.903 N/mm

Weld is satisfactory,
Connection bolts

Shear force =462 kN
Out-of-plane moment =462 x 0.2415=112kNm

Use eight no. 22 mm diameter holts {grade 8.8).

Shear/bolt F, =462/8 =57 8 kN
Shear capacity P, =p, A,
=0.375 x 303 =114kN

Bearng capacity of plate Py, =dipy,
=72 x 20 » 0.430 =198 kN
Tensile force (Fig. 8.12)

d T =457T=65mm
Fo= Ml 5d° ,
=112 x 10 % SES/Q(152 4+ 115222152+ 31532 = 11T kN
Tension capacity P, =p, 4,
=0450 x 303 = 136 kN

Coembined check

F P+ F /PP 14
57.8/114 4+ 1411/136=0.51 +0.82 = 1.33

Boits are satisfactory.

EXAMPLE 17. DESIGN OF CRANE GIRDER BRACKET (LAPPED)

. iii s50  fW
Dimaeansions 5
{Sce Fig. 8.13)) s
Colums 305 x 305 x 158 UC - p
Crane pirder eccentneity 550 mm ] 2

2
o
Leading i "
il: & no.
h 23 dia. holes
As Secuon 8.6(b) L] | 20dis holes
Maximum reaction 462 kN o
Fig. 8.13 il

Bracket

Use two 20 mm thick plates {grade 43A) shaped as Fig, 8.13.
Mamximurn BM in bracket:

COLUMAN BASES & BRACKETS 103

53.4°

clause 4.2.3(c)

Vactor at
right angles
1o radius

{d)

M, =462 x 0.550=254 kNm
Sheararea 4,  =0.9(450—4 x 29)20 x, 2= 12 020 mm?
Shear capacity P, =0.6p, 4, :
=06 x 265 x 12020 x 10 *= {910 kN
hence F/P, =024 ' :
Second moment of area of plate {cm unsts)
=2 x 20 x 450°/12 = 30 380 cmt®
Minus bolt holes:
4 x 20 % 26 x 507 =380em’
4 x 20 % 26 x 1507 =3220 cm® !
Net [=24 580em’ '
Modulus Z =24 580/22.5= 1090 cm®

For brackets of this type it may be assumed that the balts or welds provide
lateral restramt 1o the compression zones, The moment capacity should be
taken as:

Mo =p, Z,=265 x 1090 x 167> =289 kNm

Bracket s satisfactory.

Coiumn bolts

Shear force == 462 kN

Moment =462 x 0.550 =254 kNm
Use eight no. 27 mm dismeter balts {grade 8.8) on each face.

Shear/boit due to vertical load =462/8 x 2289 kN

Shear/bolt due to moment = Afd,  /Sd°>

=254 % 107% x 168/% (907 + 168%)
. = {47kN
Vector sum of shear= 162 kN/bolt
Shear capacity/bolt P, =p, 4,
=373 x 4592172 kN
Beanng eapacity of plaie Py, =ip,,
=27 % 20 x 0.450=243 kN
Bolts are sausfaetory, .
Note that the lapped bracket requires twice the number of bolts of a farger

size compared will the face bracket.

STLIDY REFEREMCES

Topec References

I. Connactions {1993} Jounis tn Simple Constnuction, voi. 1. Steel

Construction nstetute
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Section properties, member capacities, pp. 22-4, Stael

Construcnon Insttuie
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Section properties, mesmber capacities, p, 205. Steet
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Fig. 9.1 Composite
seclions

9

COMPOSITE BEAMS & SLABS

The term ‘compaosite’ can be used of any structural medivm 1 which two
of more materials mieract to provide the required strength and stiffness, In
steelwork constriction the term refers fo cross-sections which combine
sieel sections with conceete 1 such a way that the hwo act together,
Typical cross-sections of beams and siabs are sacwn n Fig. 9.1.

In sifu coacrete Precast umis Proiiled sieel shesting
/ AY
L /ANE.:
Headed swd k
connecton Steel Uﬁ___?\

The performanee of compaosite beams 15 similar 10 that of remforced
conerete beams®"?, but there are two mam differences. Firstly, the steet
section has @ significant depth and its second moment of area may not be
ignored, vnlike that of the steel bar resaforcement. Secondly, the conerete
to remnforcement bend, which s essential for remforced concrete actien, 15
absenl 1 composite beams generally and must be provided by shear
connection. Design methods for composite beams therefore follow those
methods for resnforced concrete with modifications as indicated. Owing to
the presence of the concrete slab, problems of steel compression fange
mstability -and local buciding of the steel member are not usually relevant
in simply supported members except dunng ereclion.

Recommendations for design m composite construction are not included
m Part 1 of BS 35950 but are imcluded m:

Pact 3.i:  Design of compasite beams (1990)
Part 4 Design of floors with profiled steel sheetng (1982}

The basis of design used in this chapier s given 1 Secton 9.7,
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9.

3.2

COMPOSITE BEAMS

The advantages of composite beams compared with normal steelwork
beams are the mcreased mament capacity and stiffness, or alternatively the
reduced steel sizes for the same mowment capacity. Apan from.a saving in
matenal, the reduced construction depth can be worihwhile i multi-storey
frames. The mam disadvantage of composite construction 1s the need to
provide shear connectors to essure interaction of the parts,

As i all beam desipn, shear capacity and moment capacity of a
composite section must be shown to be adequate. But m addition, the
strength of the shear connection must be shown to be satisfactory, with
regard to both connector failure and also local shear failure of the
surrounding concrete (see Section 9.4). For full interachion of the steel and
concrete, sufficient shear connection must be provided to ensure that the
uitimate moment capacity of the sechion can be reached. Lower levels of
connection will result m partial interaction which 1s not covered in this
chapter™

Composite beams are essentizlly T beams with wide concrete flanges.
The non-uniform distibution of longiudinal bending stress must be
allowed for and this 15 usually achieved by use of an effective breadth for
the concrete flange. For buildings the effective breadth B, may be taken as
ane-quarier of the span {simply supported}. Continuous beams nnd
cantifevers are treated differently {see BS 3950: Part 3.1).

SHEAR AND MOMENT CAPACITY OF COMPOSITE BEAMS i

The shear capacity of a composite beam 15 based on the resistance of the
web of the steel section alone. Caleulation of the shear capacity P, 1s ‘
grven in Section 3.7(d): !

P =0.6p, 4,

Moment capacity 1s based on assumed ultimate stress eonditions shown
i Figs. 9.2 and 9.3. When the nevtral axis Iies in the conerete shab (Fip.
9.2} the value of x, may be found by equilibnium of the tension and
compression forces. The moment capacity 4, 15 given by

M, =dp, (D,+Dil—x,i2)

When the neutral axis lies n the steel section {Fig. 9.3) the value of A,.

may be found by equilibrium. The centroid of the compression stee} A,

must be located, and moment capacity M, 1s given by;

M= ap, (DI2+DJ2) =24, p, {dy = DJ2)

Alternatively, formutae given in BS 5950: Pan 3.1 may be used.
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Fig. 3.2 Moment capacity

(NA in siab)

Fig. 9.3 Moment capacity

{NA n stee)
beam)

9.3

0.45 7,8, %,

Xp= Ap,J(D.dS me,)

By ‘ i
0.45 f,, 8,0,

b
Steetl arps
A
0 %58 Gae 7 ] 3 Agepy
_____ NA L
- ST T T 3
A!l: [
Steal area
A —1s
fA-Adp, [

SHEAR CONNECTORS

1

|

| A= Alz-8.225
: i:uaeﬂsfpy

Many forms of shear connector have been used, of which rwo are shown
i Fip. 9.4, but the preferred type 1s the headed stud. This combines ease
of fixing with economy. Shear connectors must perform the primary
function of transfemnag shear at the steel/conerete interface {equivalent o
band) and hence control slip between the two parts. In-addition, they have
the secondary function of carrying tension between the parts and
controlling separation,

The relahonship between shear force and slip for a2 miven connector 1s
unportant in design where partial ineraction 1s expected. For the design in
this section, where full interactton is assumed, a knowledge of only the
maximum shear force which the connector can sustam s required. The
strengths of standard headed studs embedded in different normai weight
concretes are given m Table 9.1,

The strength of alternative shear eonnectors can be found by use of a
standard push-out test (BS 5400: Part 5). The performance of all shear
connectors is affected by lateral restraint of the surounding concrete, the

Fabie 9,1 - Shear strength of headed studs

Dismeter Height Shiear strength 0, (kKN)
{rmm) {mm) Ter concrete f, Nfmm?)

a3 3 35 40
12 160 ns 126 132 139
19 108 95 100 164 109
16 75 % 74 78 82
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Fig. 9.4 Sheor connectors Headed studs ASA offcuts

presence of {ension i the concrete, and the type of concrete used, 1.e.
narmal concrete or lightweight. For design of composite beams tn these
cases further references™ should be consuited,
The shear connection in buildings may be desigaed on the assumption

that at the ultimate limit state the shear force transmitted aeross the

. wterface is distributed evenly between the connectors. The shear force 1s
based on the moment capacity of the sectien and connector force O is
shown in Fig. 9.5,

Op=RAN,

where  R,=045f, B, x, (when NA in concrete)
ofr R.=0.45, B. D, {when NA 1n steef)

The connector force O, must be checked:

Op 7 0.80:

¢Loa:§
Ny cennectors Y Ngy conneciors

LI T T T T T I T T P =T TT1T1T 11

R. 1A toncrete

Fig. 9.5 Coanector force

9.4 LOCAL SHEAR IN CONCRETE

The total shear connection depends not only on the shear connectar
(headed stud, etc.) but also on the ability of the surrounding concrete to
transmut the shear stresses, Longitudinal shear failure 15 possible on the
planes shown m Fig. 9.6. Transverse reinforcement combined with the
concrede should give a strength preater than the applied shear per umt
length v, such that:

v#0.8L, o+ vy and
v FRO3L, [, +0.74,, [+,

<, weD
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where 4., 15 either (4, A5} or 24,2, depending on the snear path
£+ 15 design strength of the rewnforcement
f;,. is the concrete cube strength
L, s either {twice siab depth)
or {connector width + twice stud height)
. is the contribution of the profiled steel sheeting, if present

Cannector _
width An

-
1
i
b
|
4
)
i
—{
LR |
-

Ay

Shear failure )
planes fength L, Ay and Agy ore

retntarcement areas/unit length
Fig. 9.6 Shear i conerete

9.5 DEFLECTIONS

As in steel beamn design, deflection must be calculated at the serviceability
limut state, 1.e. with unfactored loads. The presence of concrete in the
section means that the two different elastic moduli (steel and concrete)
must be mciluded, which s usunly achieved by bse of the transformed {or
equivalent) cross-section™*! The clastic moduius for concrete 1s usually
maodified to allow for creep. Under sustained fozding the elastic modulus 15
about one-third that under short term loading. The modular ratio « (= £/
E.) 15 taken as 6 for short term loading, and 18 for long term leading. An
equivalent ratio . may be used, based on the proportion of loading
considered to be long term, and is a linear imterpolation between these
values.

The values of neutraf axis depth x, and equivatent second moment of
area lg are shown in Fig. 5.7. This allows deflections 1o be calcuiated using
normal elastic formulae with 3 value for £, for 205 kiN/mm?

(2 4]
[
itree? A = ANB.D
Fig. 9.7 Transformed Strain
seclion Xp =012 + a2 + DY + wid

Iy =1+ ALD+ DJAA{L + o)+ 8,020

Ny BT
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Fig. 9.8 Profiled shezting

2.6

9.7

ta)

(b}

COMPOSITE SLABS

Compostte slabs are constiructed from profiled steel sheeting with two
typical sections, as shown i Fig. 9.8. The sheeting alone resists the
moments due e the wet concrete and other construction loads. When the
conerefe has hardened the composite section resists moments due to
finishes and imposed loads. Composite action is achieved by bond as weil
as web mdentations, and in some cases by end anchorage where the
connectors for composite beams are welded through the sheeting.

In most cases design s controtled by the constiuction condition rather
than by the performance os a compostte section, In general, the failure of
the slab as o composite section takes place owing to incomplete
mteraction, t.e. slip on the steel/concrete interface. For these reasons,
design of compasite slabs with profiled sheeting bas evoived from testing.
Details of the test wmformation are avaitable from manufacturers and SCI™
The effects of the sheeting profile on connector performance and on beam
behaviour are also given n the SCI publication®™.

EXAMPLE 18. COMPOSITE BEAM IN BUILDING

The design follows that given w Secnion 3.7 for & non-composite beam,
The notation follows that of BS 3950: Part 3.1,

Dimensions

(See Fig. 3.2.)

Span 7.5 m sumply supported

Beams at 6.0m centres

Concrete slab 250 mm thick (£, =30 N/mm?) spanming m two
directions

Fimishing screed 40 mm thick

Loading

As Section 3.7b allowing the same seif weight of beam.

Dead load B, =180k

Imposed load W, =135kN
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{c} BM and SF

Uitimate moment &, =392kNm
Ultimate shear force Fy =243 kN

(d}) Shear capacity

Assume the beam to be 406 x 148 x 46 UB.

Shear capacity £, =0.6p, A,
=06 x 1.275 x 4023 x 6.5=458kN
Shear force F, /P, =0.52

{e} Moment capacity
Use effective brendth B, ns L/, 1e. 1.85m.
For neutral was s the concrete slab, see Fig. 9.2,

X, =Ap, N0.458, 1)
= 5000 x 275(0.45 x 1850 x 30)=65mm

in siab 250 mm thick, sec Fig. 9.9,

185 m Moment capacity M, = dp, {D+D/3~x,/2} .
* =35900 x 275/(250+402.3/2 - 65/2)10™
=679 kNm

sef §__ B\ _
E M, /M, =0.84
01 406% 140

% 46 UB

Section 15 satisfactory,

Flg. 9.
{f) Shear connectors
Force n concrete at mid-span:
R, =045(, B.x,
=045 x 30 x 1850 % 65 x 1077 =1623 kN
Use 1% mm diameter by 108 mm high headed stud connectors.
Table 9.1 O =100kN
L e ; N, =1620/(100 x 0.8)=21 studs
; These are distributed evenly m each half span.
Wi sted [ 0dis HTbars  Specing=370021  =175mm
i B0 (gee Figs. 9.6 and 9.10)
spacing
Ay, =0.785 mmYmm
Iy =410 Nimm?
Fig. 5.0
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Length of shear path L,  =4042 x 106=240mm
Shear per unit length v =J. ALI2)
= 1620/3760 =438 N/mm
Lengitudinal shear capacity # 0.8L, /1,
=0.8 % 240 x /30= 1050 N/mm
and  F003L, fo+0.04, f
=0.03 x 240 x 30-+0.7 x 0.785 x 410
=441 N/mm

Local shear is satisfactory.

(g} Deflection

Using unfactored imposed loads as in Section 3.7, ¥ = 32 kN,

. The properties of the transformed sections™ are:
Fig. 9.7 r=dA/B.D,)
=5800/(1850 x 250)=0.0128
Section 9.7 a, = 10

x,=[250/2+ 10 x 0.0128(201 +2503)/(1 -+ 10 x 0.0128)
=176 mm

I,=79700em*

Defiection = ¥I’L3/6€]Elg

=132 x 7400°/(60 x 205 x 79700 x 16M=55mm
Deflection Himit = 700/360 == 20,6 mm

Companng the section used (406 x 140 x 46 UB) with that required in
non-composiie (333 x 210 x 92 UB) gives a clear indication of the weight
saving achieved in composite construction. However, as discessed in
Section 9.1, some other costs must be taken into account in any cost
COMpPArISo,
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10.1

10.2

10

BRACING

LOADING RESISTED BY BRACING

Bracing members, or braced bay frames, consist usually of simple steel
sections such as flals, angies, channels or bollow sections arranged lo form a
truss (Section 6.1). The members are ofien arranged, using cross-bracing, so
that destgn may be on a tension only basis.

A bracing will carry loading which 1s wsually honzontal, denved from a
number of sources:

wind, erane and machinery loads acting honzontally on a structure;
earthquake loads denved as an equivalent static hormzontal ioad;
notional loads to ensure sway stability;

beam or column bracing forces as a proportion of the lonmtudinal
force;

o loads present dunng the femporary construction stage.

in addition, bracing, whether permanent or temporary, 15 usually necessary
for steelwork erectors to line and level properly the steel framework dunng
construction.

SWAY STABILITY

It 15 smportant that all structures should have adequate stiffsess against sway.
Such stiffness 15 generally present where the frame 15 designed to resist
nonzontal forces due fo the wind loading. To ensure a mmimum sway
proviston, notational forces are suggested in clause 2,4.2.3 applied
horizontatly:

1.0% of Tr Fyd or
0.5% of y, (W, + ) if greater

acling 1w conpunchion with 1.4, 1.61¥; verucally.
This requirement 1s n place of the honzontal wind or other toads and i
practice forms 2 MIRIMUM proviston.
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0.3

Fip. HL1 Wind towers and
bracing

Fig. 10.2 Braced bay
frames

MULTI-STOREY BRACING
In muiti-storey frames honzontal forces may be resisted by:

o ngidly jombing the framework with connections capable of
resisting the applied moments and analysing the frame accordingly;

&  providing st shear concrete walls usually at stair and Jift wells,
and desigming these to absorb all the horizontal loads;

o arrangmg braced bay frames of steel members forming trusses ag
shown in Fig. 6.3.

In all but the first case the steel beams and columns may be designed as
simply supported.

The arrangement of steel bracing or wind towers of concrete walls reguires
care Lo ensure ecoromy and simpiicity. Altemative arrangements are shown
m Fig. 10,1, Symmetncal arrangements are preferred as they avoid torsion m
plan of the braced frames.

The vertical bracing must be used in conyunctien with sinfable honzontal
framing. Wind foads are transmutted by the cladding of the building on to the
Roors, and thea to the vertical braced bays or towers. Design should ensure
that adequate honzonial frames exist at floor levels te camy these loads o
vertical braeing, Where concrete floors are provided sno further provision may
be required but m open frame indusinal buildings horizontal bracing is also
needed (Fig. 10.1}).

Braced bay frames may take a number of different forms as shown in
Fig. 10.2. Cross-braceng, while it allows a tension only design, creates

Lack of symmetry
requiras additional

Symmetry brazing Symmetsy
/
&
Wind 1ower
I

= ! r== M= =

b i i s

\ H H | I

| SE—— ] 1 | pp— == Lo

/s
Plan outling Hor:zoatal framing
of huilding of ngid floor

Eccentric /‘"/ \
§ 3

procing "\

Portal |-
{frame

Cross-biracing K-bracing Mixed bracing
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19.4

Fip. 16.3 Gable wind
girder

difficulty where door or window openings are required. The alternatives
shown may be used 10 accommodate openings, but will involve compression
in the bracing members. In the design of such members slenderness must be
kept a5 low as possible by use of tubes or hoflow sections, and by reducing
lenpths a5 far as practicabie.

SINGLE-STOREY BRACING

The prneipal loading which requires the provision of bracing 10 a single-
storey building is that due to wind. In addision the longstudinal crane forees
will require braced bay support. The hortzontal {wind and crane surge) loads
transverse to the building are suppered by portal frame action, or celumn
cantilever action, and no further bracing 15 needed n tiis direction.
Longitudinal forces do, however, require support by a braced bay frame as
shows in Fig. 6.3, The wind forces anse from pressures or suctions on the
gable end and frict:onal drag on the eladding of both the roof and sides of a
building {see Section 12.4.3). Gable wind girders are needed therefore at each
end of the building, and may be provided at the leve! of the rafters (low-pitch)
or at the level of the eaves, as shown i Fig, 10.3. The gable wind girders are
supported by vertical side bracing as shows, which 15 also used to support the
longnudinal crane forces. The gable posts themselves are designed to span
verically carrying the wind load between the buse and the gable wind girder,

side=

brazing Gable

wind girder

Side bracing ="

In addition some bracing may be required by the truss lower chord
members. This 15 a restramt agatnst buckling and is needed in cases where
reversal of sress in the bottom chord can occur. Lightweight roof structures
often have this design conditien, when wind suction on the roof causes
compression in the lower chord of the truss.
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16.5 BEAM TRUSS AND COLUMN BRACING

Both flexural and compression members may require iateral bracing or
restraiat to improve their buckling remistance. This provision has been
discussed in the appropnate chapters:

AN

J_W/ o
3.0m[
60m

' . 1 2 3
Beams m buildings - Chapter 3 Fig- 10.5 Wind girder i § bays at 5.0 m
Crane girders ~ Chapter 5 dimeastons ’
Trusses — Chapter 6 .
Columns - Chapter 7 (v) . Loading
: In cach case, the effective length of the portion of the member in compression Reactions (excluding ) fiom gable stanchions fspaning vertieally) vacy as
! ; : . : shown in Fig. 10.6.
may be reduced by providing sngle members or framesworks capable of Wind prcssugrc or suction (in brackets) resuits 1n two sets of reactions.
resisting the lateral buckling forces. The values of these lateral forces have These values are derved knowing C,, and C. ; and are grven in
been assessed from test data and given in the appropriate clauses of BS 5957, Section 2.3 " ’
. Ii:msg:l;;:::snetﬁe%f::z f‘;‘é“;f; glf;j?s;’dmg force 15 combined with other Longitudinat load from crane (Section 5.1) = 12.0 kN,
L by .
The designer should always be aware of the need of bracing in unusuai
positions, and should examine all Compression members, and compression 03 Prassure tand suction] kN 93
Aanges, to ensure that adequate iateral restramt exists ang is satisfactory, 4.4 {~74.4)
ry. 74.4)
Examples of restraints needed in lattice frameworks and portal frames }
{plastic design) are grven in Fig. 10.4. % ] ; +
) : i L 30 32 34 a2 39 14
Flg. 106 ;’:;gfng"d“ CR2 EU0 4258 2 R25E 2400 o)

Comprassion member

N (c) Member forces

Latti 7 .
N, \)_-‘ ™ :/\ l:f;;ce Member forces may be obtmined by any of the metheds of analysis (Section
§ 6.2a) and thie pressure and suchion eases are shown 11 the table: the loads
3 Advisable 1o ncorporate the factor =14,
have restramt
at this joint
Member Faciored member force (IN)
Fig. 10.4 Special restraints Pressure Suction
I E84 —147
2 299 ~239
3 338 ~270
10.6 EXAMPLE 19, GABLE WIND GIRDER AND SIDE BRACING 4 ~215 172
5 23 —§9
{a) Dimensions 6 -133 106
7 &9 —355
- B —46 37
(See Fig. 10.5.) o 48 ~38
16 — 184 147
Gable end panel widths {6 nn.) 5.0m each ! —299 239
Depth of girder (in pian) 3i0m
Side bay widih 6.0m

Eaves height

Compression 15 positive.

N CVISION
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(d} External chord

Maximum force {compression) 338 kN

Use 254 x 146 x 37 UB (grade 43)
Slenderness 1 =0.85L/r, or
=10 L,
{see Fig. 6.4 and Secnon 12.7.2)
hence max. A= 1.0 x 5000/34,7 =144
Compressive strenpth  p, =30 N/mm’*
Compression resistance P, =d, p.
=47.5 x RO/10=388 kN

BS table 27

Section 15 satsfactory.

{e} Internal chord

Maximum compressien 239 kN

Use 203 x 133 x 30 UB {grade 43)
Slendemess A== 1.0 x 5000/31.8 = 157
Compressive strength p, =68 N/mm”
Compression resistance P, =38.0 x 68/10 =238 kN

B8 1able 27b

Maximum tension 200 kN
Effective area 4,=12 A, but # 4,
Allowing for two 26 mm diameter hoies
A.=12 (3232 x 2.6 x 0.58)=35.} e’
but A, F I3 oma

clause 3.3.3

Tension capacity P, =4, p,
=323 x 275/10 =88B kN

Section 15 satisfactory.

(f} Diagonalsistruts

Maximum compression {diagonal) 172 kN,

Use 203 x 133 x 36 UB (grade 43)
Slendemess A== 1.0 x 5830/31 8=183
P =32 Nfmm®
Compresston resisiance Po=138.0 x 52/10 =198 kN
Maximum compression {strut member 5) = F11EN
A== 1.0 x 3000/31.8=054
Use same section.

BS 1able 276

BRACING 113

(8)
BS table 2
130 kN 1
LS
2 E
a . L] Lr‘\’}
N @
\\ N E
~ 4
5N A n
. ©
. =R
§0m
Fig. 10.7

clause 4.6.3.1

B8 table 275

i8.7

{a)

Side bracing

Reaction from wind girder 93 kN

Crane load 12 kN

Maximum design load = 1.4 x 93 =130 kN or
=12 x934+12 x 12 =126kN

With reference 1o Fig. 10.7, the factored member forees (kN) are:

—130
188
-~ 130
188
135
«§35
270

~ hoba B LD B e

Maximum tension 1n diagonais 2 and 4 (assumung cross-bracing fo avoid
compression) = 188 kN,

Use 180 x 65 x T Angle

Effective ares A4, =a; +3a; 3,/(3a,+a,)
a, =(100—"12)7—-22 x 7=3522 mm®
ay =65~ T2)7 =431 mm’

allowing for one 22 mm diameter hole 1n connected leg (100 mm)
A =52243 x 522 x 43143 x 522+ 431)
=860 mm’
Tenston capacity P, =4, p,
=860 x 275 x 107* = 237kN

Maximum compression in strut 3= 130 kN
Use 283 x 133 % 25 UB {grade 43)

A =10 x 6000/3]1.0=154
D =46 Nimm*
Compression resistance P, =323 x 46/10=149 kN

Forces 1 the eaves girder 1, and main frame members 5, 6§ and 7 shoutd be
considered in the design of these members when appropriate. The values of
these forces will need to be adjusted for y-used in the combination of forces
for each member.

MULTI-STOREY WIND BRACING

BDimensions

{Sez Fip. 10.8)

7 storeys at 3.5m hign

Bay width 4.0 m

Cross-bracing with K-bracing on altemative floors 1o allow door openings
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kN [excl 3

£

T

63

Section 10.6e

BS rable 276

(b} Loading

Wind loading transmitied to bracug by concrete floor siabs at each ievel,

() Member forces

I" Member forces (kN) excluding ¥rare given for the lower two storeys only;

993
716
—1304
- 716
472
-197
3i9
—319
—317
10 g

7stlareys at 3.5 m

2= I B R R R TN R,

Mote that wind londing can act 15 the reveme direction, which will generally
reverse the force direction n each member, bember 10, which has zero loaq,
bowever, will carry 317kN in this wind reversal case,

(d) Cross bracing

Maximum tension = 1.4 x 472 =66] kN
Use 203 x 133 x 30 UB {grade 43)
Tension capacity =888 kN

{e) K-bracing

Maximuin compression=1}.4 x'3119 =447 kN

Use 203 x 133 x 37 UB {grade 43)
A =0.85 x 4030/34.7 == 116
Pe =114 N/mm?
Compression resistance P, =475 x 114/10=54] kN

As i Section 10.6g the forces in columnns 1,2, 3 2ad 4 and beams 6, 9 and
10 must be taken mto sccount in the overall destgn of these members which
will include dead and imposed ioading from fAoors, etc. The value of I
appropniate ta each combination of loads must be used (Section 2.7).

STUDY REFERENCES

Topie Reference

1. Frame siability (1988) Seabiliry of Buildings. The Instituiion of

Structural Enpineers

fg. 111 Plate girder
sectivns

PLATE GIRDERS

INTRODUCTION

Occasionelly, the required bending ressstance of a member cannot be
provided by the largest available universal beam (914 x 419 x 18§ UB) and
therefore the designer has to resort to using a plate girder, Basically, a plate
girder 13 built up from three plates {one web and two fanges) fastened
together to form on I-shape, see Fig 11.1. There are meny exampies of plate
girders, e.g. crane girders in heavy mill buildings, road and rail bridges, roof
construction of stadia, balcony girdars 1 concerd halls,

Examunation of older forms of plate girders would show that the
ctonnection between the flanges pnd web plates 15 made by nivets or boits, via
angle sections, as sliown in Fig 11.1{b). These piate girders were reizlively
more prevalent us the depth of rolled sections, priot to the 1950s, was limited
to about 0.6 m, whereas today umiversal beams are rofled up to 0.92m deep.
Splices for this type of plate girder, required because of transporfation
considerations and/or maximum available length of plate, were provided by
means of nveted or bolted cover plates.

The advent of welding allowed the designer the freedom to tailor-make a
member to suit any design requirement. As the choce of piate is restricted

{5l ib} fcl {d}
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Table 11.1{n) Maxumam rolled lengths (m) for selected ranpe of wide flats®
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Table 11.1(b} Maximam rolled lengths (';n) for selected range of plates
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only by the discrete mzes of rolled plate (see Table 11.1) then this form of
construction can be economic m terms of matenal. The flanges and web are
normatly connecied together by fillet welds, using semu- or fully sutomatic
weiding procedures. The designer must assume that the load transfer 15
entirely through the welds as there is no puarantee there 15 a perfect bearing
between flange and web. Whare a splice 15 required, owing 1o maximum
lengsh of plate rolied or because there is & change in plate thickness, a full
strength butt weld is required. As there are 2 number of different types of butt
weid, the selection of the appropriate type should be discussed with the
fabrnicator 1n order to produce an economic solution.

Generally, a plate girder 15 made doubly symmemmncal, 1.e. both flange
plates are identical, like the universal sections, see Figs. 11.1{a) and 11.1(b).
However, should design conditions dictate that a single axis of symmetry is
necessary, then a judicious choice of different piates for the flanges can

PLATE GIIDERS 123

Fig. 11.2 Typical
plate greder

clause 4.4.5.1

Load zamying End beasng
stiffenar Wekb panet stiffeaer

| T A

N

Intermetfiale stiffeners

readily accommodate this requirement, see Figs. 11.1{c) and 11.1(d). The
design strength of each plate is dependent only on its own thickness and
grade of sieel, unlike the universal sections where the design strength 1s based
on the thickest part of the I-section, 1e. the Banges. Also, different grades of
steel can be used for the plates within one mrder, e.p. the use of a notch
ductile steel, say 50C, for the tension flange of a road bridge i order to
climmate the possibifity of low cycle britile fracture.

Plate girders usually require load cammymng stiffeners and mtermediate
stiffeners {non-load carrying), see Fig. 11.2, dividing the web mlo panels,
These have the following funetions:

¢ Load carrying stiffeners are used to diffuse any concentrated load
locally, into the web. This load can result from axini lead
columns connected to a flange or an end reachion from an
inptersecting beam member, which can be connected to gither the
flange or the stiffener itself,

o The sole function of intermediate stiffeners is to control the shear
buckling resistance of any web area/panel bounded by the flanges
and an adjacent pair of intermediate stiffeners.

o The siastic cntieal shear buckling of 2 web panei 15 a function of
a/d {knows as the aspect ratio) and d/t, where ais the distance
between the two stiffeners bounding the web panel baing
considered, dis the actual depth of the web plate and ris the web
plate thickness. Note that for universal sections, the overall depth
Dis allowed for calculating the shear area.

When the web 15 relatively thin, the presence of intermediate stiffeners s
useful in momtmmng the I-shape, particularly duning transportation and
erection, In very deep plate girders, additional honzontal longitudinal
stiffeming may be necessary in the compression zone, 1 order fo mamimn an
econonuc web thickness. This particular design vanation lies outside the
scope of BS 3930: Pan i, but 1s covered in BS 5400 and therefore will not
be discussed here.

The two main forces that a plate girder has to resist are bending monent
and shear force, thouph axial force, if present, would need to be taken mto
account. Though 1 reality, the bending moment (plus any axial load) and
shear force would be resisied by the whole section, the usual assumption
made for small and medisn plate gieders 1g that the flanges resist the bending
moment and the web carries the shear foree.
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1.2

clouse 4.4.4.1

clause 4.4.4,2

The further npart the two llanges of a beam member are posttioned from
the tember’s centroidal axis, the better is the member bending capacity. The
depth of plate girders usually lies within the range of 1/12 to 1/8 of the spay,
Occastonally, the depth of a girdee maglt be limited by mummum headroom
vonsiderations. Furthermore, there mght be a constramt on the pverali
deflection of the gitder, to which the self weight of the girder could make 5
significant contribution,

Clause 4.4 of the steei code BS 5950 Part 1 allows the designer three
different ways of proportioning web plates:

' e The web is made deliberately thick, temoving the necessity for

! intermediate stiffeners; the disadventage is that the weight of the
igirder would be relatively heavy compared with that obtained by
Ausmg the other methods and could increase the cost of the
foundations, However, the overall fabneation c0sts would be lower
(no stiffeners), which nay mare than offset the extra matenal ang
foundation costs.

& The web 15 made thin enough to require intermediate stiffeners 1
controf the shear buckling action within ary web panel,

o Finally, the web thickness is tnmimized by taking into account
tension field action, thereby maximizing the effectiveness of the
web and flanges. Tension field action is discussed in Section 11.7.
This method cannot be applied 1o gantry girder design,

The design of the plate girder must also comply with the guidance given in
clause 4.3, BS 5950 (iateral torsional buckling of beam members). The design
of load carrying and intermediate stiffeners 1 covered by ciaose 4:5, The
different methods of desigrung plate girders are iHustrated by Exampies
21-24 inclusive, whieh include further design information where appropriate,

DESIGN OF UNSTIFFENED PLATE GIRDER

An unstiffened plate girder is similar to a universal beam seetion, where the
web 1s generally thick enough not to necessitate shear stiffeningfintermediate
stiffeners, According to BS 5950: Part 1. the moment eapacity of an
unstiffened plete girder depends on the vaiue of a7, 1e.

o I d% < 63e tthick web), then the moment capacaty of the plate
girder. can be determined as for unversal beams, i.e. according to
clause 4.2.5 or 4.2.6, BS 5950,

e Ifdit > 63 (thin web), then the moment capacity can be
caleulated by one of wo methods or a combination of the two
methods (clause 4.4.4.2). The two methods are:

— moment plus any axial Joad resisted by flanges only, and the
web is designed for shear only (clause 4.4.5). It is assumed that
each flange is subject 10 a vailom stress p,.

— moment and axial load resisted by whoie section with the web
esisting the combined shear and longitudina! stresses (see
clause H.3).
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Flg. 11,3 Deils of girder

- Tig. 11.4 BM & SF diagrams
{factored loads)

Similar to untversal beams, z plate mirder has 1o comply with clauses 3.5
(focal buckling), 4.2 (members in beading) and 4.3 {latera} torsienal
buckling), BS 5950, Also, o plate girder may require end bearing stiffeners m
order to trapsfer the end shear into the supports, and loac carrying stiffeners
where large concentrated loads have to be supported within the span of a
member.

EXAMPLE 2}. DESIGN OF UNSTIFFENED PLATE GIRDER -
THICK WEBS

A plate girder, simply supported over & span of 22 m, 15 required (o carry the
loads indicated in Fig 11.3; the uniformly distributed dead load includes the
self weight of the girder. The concentrated applied load is the axiai load
transferred from a column member (203 x 203 x 46 UC) and the ends of the
girder and those of adjacent girders are supported by 254 x 254 x 73U4C
columns. The depth of the plate girder is to be limited 1o 1.5 m owing to
mumum headroom requirements,

For the purpose of this example, the tap (compression) fange is assumed to
be testramed laterally ond prevented from votating. The plate girder s to be
febricated From grade 43C steel,

240 kM
20 kN 450 kN
25 kNim:
AT T T T T T T T T T T T T T I T LTI T
)
B 16540 i 5500

1012 kM

7442 kMIm

jie

1166

1640

1A ANNN CVIESTCUIN S PUICETTT BiRed=1=1%
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()} Factored loading

(b}

(c}

claise 4.4.3.2
clause 4.4.2.3

clause 4.2.2

clause 4.2.5

column load — dead Ed %240 =336kN

— mmpased [.6 %450 =T720kN
wd.l — dead (including SW) [4x20 = 28kKNm
- mmposed 16x%25  w=40kN/m

Moment and shear force

The distributrons of bending moment and shear force in the simply supposted
plate girder can readily be determined by conventional efastic methods and
are shown tn Fig, i1.4.

Shear capacity

There are two design requirements reparding the mimimum web thickness for
the condition of no watermediate stiffeners, 1.e.

for serviceability:
to avoid flange buckling:

dit < 250
d/t <250 (345/p,r )

where p,, 15 the design strenpth of the compression flange. As the web is to
be celiberately made thick, re. d/f < 63k, these requrements are
automnaticatly complied with. A quick estimate of the mimmum weh
thickness car be derived using the overali depth of the section (D), Le.

2 1500/63=238mm

From the relevant table for plates n Table 11.1b, the nearest appropriste plate
thickness for the web 15 25 mm.

When the web s thick, then the moment capacity for a plate girder i5
calculated according 10 clause 4.2.5 or 4.2.6 depending on the magnstude of,
the shear load coexistent with maximum moment, 1.e. 1166 kN. The shear
capacity of a web of a built-up section 15 defined as;

P,=06p, 4,

where 4, =td. A good estimate of the shear capacity of the web can be
obtained by substituting the overall depth of the girder (D) for d, which 15
unknown at this stage:

Po=0.6 x 0.263 x 25 x 1500 = 3962 kN
and as
Fo<0.6 P, e 166N <3577kN

Then the member has a *low shear load', Note that the use of Dinstead of
ddoes not affect the outcome of this design check,

PLATE GIRDERS 127

(d)

clause 4.2.5

BS table 7

Moment capacity

In order to maximuze s moment capacity, the cross-secuion of the plate
girder should be proportioned so as satisfy the requirements for a compact
section. The moment capacity for a compaet plate girder with a thick web 1s
given by:

Ma=p,S, but 12p.Z, o 3y, Z if §>12Z,

The b/T ratio for the outstand of the compression flange for a compact
built-up section should not exceed 8.5¢, and assuming that the destgn strength
Py 15 265 Nfmm®, then B< {17.37 -+ t). The plastic moment capacity of a plate
pirder 15

M =p, [BD *—(B —1)(D —2T)J4
hence
7442 < 0,265[(17.37+25)1500° —{17.37)(1500 — 2T P)(4 x 109

Solving this eguation gives T =23.4 mm and hence B =430 mm. Note that
the assumption regarding p, 15 comect. Select 450 mm % 25 mm flom the
range of wide flats given in Table 11.1(a) for the flanges, from which it
follows that the web size must be 1450 mim x 25 mm. The actuai plastic
moment capacity of the plate pirder 15

Mo, =0.263[(450)15007 — (425)1450°H(2 x 10%)
=0.265 x 20736
2 TEBO kiNm > 7442 kNm
and 1.2 p, Z = 1.2 x 0.263[{450)1 5007 — (425)1450°Y/(12 x 750 x 107
*. =12 % 0.265[18.59 x 105750
= 7882 kNm > 7880 kNm

Therefore, the moment capacity of the desipn plate girder (T880 kNm) 18
adeguate.

Use two 450 mmx25mm wide flats
1450 mm x 23 mm plate

WELD AT WEB/FLANGE JUNCTION

Nexi, the weld size required for the consection between the flanges and web
15 determined from the magmitude of the horizontal shear/mm at the web/
flange interface, assuming o fillet weld on each side of the web,
_ Py
Gy = —3T
2
= 1540{450 x 25)737.5/{2 % 18.59 x 10°) == 0.35 kN/mm
Use 6 mm FW

An examination of Table 1.} reveals that both plates would need to be
splieed, as the appropnate maximum lengths available from the rolling miils
fflanges - 18m ; web — 19 m) are less than the overall length of the plate



http://www.cvisiontech.com/pdf_compressor_31.html

1240

draL tuRAL S FERLWORK BESIGH TO BS 5950

(e}

0

clanse 4.5.3

clause 4.5.2,

guder. If the girder can be transported a5 one unit, then make a welded stop
. sphice about 18 m from right-hand end, the welds being full strength butts, O
“the other hand, if the girder has to be delivered in two parts owing to transpor
considerations, then make 3 bolted site splice near the centre of the girder.

The use of munencal controlied cufling machines 1n the modern fabrication
shops would minimize any wastage, by utilizing the piate offouts to provide
stiffeners aud other piate compenents for this girder and other projecis.

i .
H 1

Lateral torsional buckling
i

Accurdiné 1o the design bref, the compression fange of the girder 15
restrained laterally and therefore there is po need for a lateral torsional
buckling check to be undertaken. If the flange had not been restramed, then
the recommendations of section 4.3, BS 5950 must be satisfied,

Check bearing capacity and buckling resistance of web

" Al points of concentrated applied load and support reactions the web ef g

plate girder must be checked for iocal web bearing and web buckling. If
necessary, foad carrying stiffeners must be mireduced to prevent these forms
of local failure. The design checks are similar to those applied to universal
beams, as outlined in Section 5.3, Example 9,

AT POSITION OF APPLIED COLUMM LOoAD
Frm 1056 kN

acting in the plane of the web of the plate gurder, e, no moment generated in
stiffeners. Assumuing that the column base {supported by the compression
flange) provides a mimmum stiff beanng of 203 mm, then the beanng
capacity of the unstiffened web at the Junction of the web/llange is:

Pl.'rip __"{bf 'i'ﬂz) 720
=12034-2.5(2 x 25 x25x0.265=21T0kN

The associated buckling resistance {P..) 15 dependent on tite slenderness of
the unstiffened web and a design strength of 265 N/mm?;

A =2 5/t =25 x 1450125 =145
Pe =71 Nimm?®
A, m'(b,'i"'fl) B

=[(203+2x750)=x 251 0.07F =3020 kM

The web 15 adequate and therefore requires no load carrying stiffeners under
the concentrated load.
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clause 4.5.3

clause .5.2.1

1i.4

€Y

clause 4.4.4.2a

BS table 6

fion W CVISIONS T

AT THE SUPPORTS

The welb at the nght-hand support, at which the greater reaclion occurs, 1.
1340 kN, also needs to be checked for beanng and buckling. 1t is assumed
that a minimum sUff bearing provided by support 15 254/2 mm:

Perp =[254/2+ 2.5(25)} x 25 x 0.265 = 72095 M
Pe =TI Nfmm® (a5 above)

P, =[(254/2 £750)% 25} 0.071 = 1555kN

The web is adequate at both supponts and thercfore requires ne load beanng
stiffeners. In this example, the use of a thick web has elimmated the use of
load bearing stiffeners, thereby mimtmizing fabrication.

See Figs. 1.2} and 11.25 for the construction details of this girder.

EXAMPLE 22. DESIGN OF UNSTIEFENED PLATE GIRDER -
THIN WEBS

In the previous example, the bending moment was resisted by the whole
section, while the shear capacity of the thick web is clearty unutilized; this 1s
similar fo the design of universal beams. The difference between the
umversal sections and plate girders 1s that the designer can select the web
thickness,

The plate girder in Example 21 15 tedesigned using a thin weh plate, in
order to make the web work more efficiently, This 15 achieved by comparing
the desipn shear load with the web shear resistance, based on the crtical
shear strength {g.,) and not on the design strength (7,) as 1s the case for thick
webs. The normal design practuice for plate girders with thin webs will be
emplayed, by which the bending moment and axial load are sssumed to be
resisted wholly by the Banges and the shear load by the web.

Moment capacity of flanges

The design assumption that the moment 1s carned onty by the Ranges
means that o good cstrmate of flange area can be determaned.

A= MHp,x D)

Anticipating that the flange thicknass lies within the range 16-40 mm, then
Pr=265Nimn? and hence:

A= 7442 x 10°/(0.265 x 1500) = 18 720 mm?

The limating b/T ratio of 8.5¢ {compact sections) is stil! applicable, hence
the approxsmate flange thickness 15 given by:

T JE18720/17.3}=32.9 mm, say 35 mm
hence

B = 18720/35 =515 mm, say 550 mm
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M., =0.265 % 550[1500° — 1430%)/4 = 7473 kNm >7442 kNm

resistance of web

sign requirements regarding the mmimum web thickness for the
on of no intermediate stiffeners are the same as in Example 21, e,

- servieeability: drt <250
avoid flange buckling: 44 <250 (345/p,,)=325

te girders which are not designed for tension action, the elastic entical
tength (g..) for thin webs can be determined from table 21, BS 5950,
g the d/t and the a/d values. In the special case of unstiffened thun
v == oo, therefore the appropriate shear strength for a given d/t is

1 the fast column of table 21,

wveb thickness (1) 1s unknown at this stage, hence 1t 15 suggested that a
ss approximately half that of the thick web (Example 21) 15 selected,
5 (=25/2)y mm, which m fact s a rolled thickness, see Table 11.1(h).
sults 1 a d/f ratio of 1430/12.5 =114 (< 250) and as r< 16 mm, then an
ton of table 21(b) mdicates that,

gor=17.4 Ntmm®

For =0.0774 % 1430 x 12.5=1384 kN

veb thickness of 12.5 mm is adequate for the part-lengih from the left-
id to just right of the applied point load, 1.e. > 1012 kN, but not for the
ler of the girder. 1.e. < 1540 kN. Recalculate the shear resistance of the
setween the applied load and the nght-hand end, using a 15mm plate,
1as a shear buckling resistance of’

Fo =0.110x 1430 % [53.0=2360kN < 15340kN

d/t=95 and g, = 110 N/mm?®

at a 20% wmcrease m web thickness produces a disproportionate

> (70%) 1 shear buckling resistance.

1otom Table D100 bl aaTter 2ruavarlength ofprte de.

- 25 m and web — 13 g, meass e tie web plate aas w0 ve of liced
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clause 4.5.1.2

clause 4.5.1.5

clause 4.5.3

elause 4.5.2.1

WELD AT WEB/FLANGE JUNCTION

"The determination of the weld connecting the flanges to the web follows the

same method as that outlined n Example 21.

Use 6 mm FwW

Lateral tersional buckling

As m Example 21, there 1s no need for a lateral torsional buckling check as
the compression flange 1s restramned.

Design of load carrying stiffeners

Examination of the detailed calculations for web beanng and buckling in
Exampie 21 would readily indicate that a web thickness of 15 mm would
require joad carrying stiffeners at both the concentrated load and end reaction
positions, ‘

The code recommends, for the condition where the outer edge of these
stiffeners is not stiffened (normal practice), that the outstand of the stiffener
should not exceed 19¢,. However, where the outstand is between 134¢ and
19t.&, then the stiffener design must be based on a core area of the stiffeners
having an outstand of 131e. In deriving the compressive strength p, of
stiffeners for welded plate girders, the desxgn strength (p,) is the lesser value
for the web or stiffener, less 20 Nfmm?,

|

AT POSITION OF APPLIED COLUMN LOAD

The applied load, 1056 kN, acting in the plane of the web of the plate girdér,
i.e. no moment generated in stiffeners. Similar to the calculations outlined’in
Exampie 21, the beanng capacity of the unstiffened web is:

Pep=[(203 +2 x 35) x 15} 0.275= 1126 kN >1056 kN |

The associated buckling resistance (P,.) 15 dependent on the slenderness of
the unsriffened web and a design strength of 275 N/'mm?

A=25d/=2.5 x 1430/15=238
Pe=130.4N/mm’
P.=[(203 +2x 750) x 15] 0.0304 =777 kN < 1056 kN

Cluary, siifiners are recesea’ boprasest e leeal bckinn 2iue of le

urnh ab the meied land cmsedin—
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|

Fig. 11.5 Load carrying
stiffner

clause 4.5.1.5

(i)

clause 4.4.6.7

where 4 15 the area of the stiffemer in contact with the flange and p,, is the
design strength of the stiffeners, In Wiis example, the stiffeners are subject 4
extemal load and therefore must extend to the Nanges, though may nat he
necessarily conneeted (o them, unless an external load induces tension in te
siifferer, Normally the flanges and web would be welded together, using
semi- of fully automatic welding, before the stiffeners are ‘fitted”. This meang
that the inside coimerss of the stiffeners need to be coped/chamfered, say

15 mm, at the junction of the web and flange, so that they do not foul the wak/
flange weid. Hence,

A =2 x(160~15Y% 12 =3480 mm?
APy 0.8 1480 < 0.275/0.8 = [ 196 kN > 1056 kN

Le. the stiffeners are adequaie in bearing.

As the outstand of the stiffeners is slightty greater than 1314,6 {156), then the
locat buckling resistance of # stiffened web is based on the stiffener core area
of 136 x 12mm?, together with an effective web aren limited to 2 x 20,

Ay =122 x 156) +(2 x 20 x 15)15 = 12 744 mm?

and the corresponding radiug of gyration, about an axis paraliel to the web, is

_ J12(2 X 156 + 15)" + (2 x 20 x 15)15?
= 12x 12744
= 532.7mm

fotation. As a resuit of this flange restito;, it cly assured that the column
base 15 restrained Jaterally. Therefor s tength (Lg) of the Joaa
carrymng stiffeners can be inken as 0, md EMre uced design strength of
{p,—20), where p, is the jesser slrengt: ’Q r gtiffener, hence the
reduced strength 15 255 N/mm®, 1] 6’

m
A=07 Lir=0.7 x 1430/527 = 19.]

Pe=252 Nimm*
Prrwd, po=12744 x 0.252=3210kN >1056 kN

It 1s noted that the flange 15 rcslrnmgagamst fateral movement and

The buckling resistance of the stiffener 15 more than satisfactory.

Use two 160 mm x12 mm flats

WELD FOR LOAD CARRYING STIFFENERS

The mimimum weld size required for connechng the stiffeners to the web,
assuming a wekl on each side of the stiffener, 15 determined as follows:

g1 =142 x 5b,)=15%(2 x 5 x 160)

=0, 14 kMN/mm
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clause 4.5.].5h

{iii)

clause 4.5.].2

clause 4.5.2.f

ALON WWITT U VIS TUHN:S /P U IGSETTIRIE

When the stiffener 15 also subject to an extemnal load, then the shear load/mm
must be added to the above shear load. The ioad resisted by the stiffeners 15
the difference between the applied load and the minimum load that can be
carned safely by the unstiffened web.

g2 = (1036~ TTTH2 = (1430 —2 x 15)] =0.10 kN/mm
Gw=q+ga=0.14+0.10 ={.24 kN/mm

Use 6 mm FW

Note that if the rotation of the tlange had not been restramed, then Lg=L,
Also, had the column base {compressien member) not been laterally
restraived, then the stiffeners would needed to be designed as part of the
compression member and {he interfacing connectton checked for any effecis
from strut action.

AT THE SUPPORTS

The reaction (1540 kN) at the right-hand support of the member 15 preater
than the applied point load, and therefore stiffeners are neeessary. The
restiamt conditions with respect to the fange apply also 1o this location, The
design of stiffeners at both supports follows a similar pattern as the previous
design calculations, except that the affective web aren 1s limited to only 207,

Try a 450 mm = 15 mm wide fat.

The outstand of the stiffeners is equivalont to 14.57,8, which means the core
area of the stiffeners is reduced to 2 x 195 mm x 15 mm. The locai buckling

resistance of the stiffened web is based on this core area of the stiffeners, plus

effective web area of 20 mm x 15 mm.
Az = 15(390} + (20 x 15}15 = 10350 mm?

e 15(390)* + (20 % 15)153
- 12 % 10350

= 84.7mm

Agamn, as the flange 15 restramned against lateral movement and rotation, the
effective length (Lg) of the ioad carrying stiffeners 15 0.7L and with a design
strength of 255 N/mm”, the slenderness is..

A=={7 % 1430/84.7=11.8
hence

Pe =255 Nimm?®
P, =10350 % 0.255 = 2639 kN > 1 540 kNN
The buckling resstance of the stiffener is satisfaclory, Make the load
camrying stiffener for the leRt-hand end of girder the same size.. Now check the
beanng capacity of the end stiffener, nole that ag the stiffener 18 welded to
end of girder there 1s no coping, 1.e. full stifferter area can be used.

Prrp==450x 15 x 0,275 1855 kN > 1470kN

. Use 450 mm = 15 mm wide flat
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clause 4.5.8

{iv)

Fuli strangth bt welg

E e

Fig. 11.6 Engd beanng
stiffener

However, 1t mught be deemed necessary that the ends of the plate girder be
torsionally restramed dusing transporiation and erection. This can be
accomplished by checking the second moment of area of the end-beanng
stiffeners at the supports agmnst the guidance given m B8 $950:

52034 o0, DT,

where o, =0006 for A <50
=031 for 30<i <i0D
=30/ for 100 <4

Assuming that there is no restramt to the compression flange for the noted
siuations, 1.e. Lg and taking the lower value of r, for the girder, then:

1=22500/225+= 100
hence

1, > 0.34 % (0.3/100) x 1500° « 35 =12 050 cm*
now

L=13%450%12=11400cm”

1e. change end stiffeners to 450 mm % 20 mm flats (/, = 15200 cm®).

WELD FOR END STIFFENERS

Finally, caleulate the size of the welds connecting the stiffeners to the web,
noting that the web 1s connected on one side of the stiffener. The musimum
weld size required for connecting the stiffeners to the web, assumng a weld
on each side of stiffener, 15 determmed as follows:

gy 15HF2 % § % (450 — 151/2] = 0.10 KN/mm

In addition, the stiffener has to resist the difference 1n ioad between the
reaction oad the miemum load camed by the unstiffened web when buckling
or beanng 1$ taken mmto consideration, Assume a stiff bearing 254/2 =127 mm
and with A=238:

pe =30.4 N/mm*
P, =1(1274+750)15] 0.0304 =400 kN

The suppori reaction duces an exiernal load to the stiffener, and is the
differenice between the load camed by an unstiffened web and the reachon,
therefore the additional shear load/mm 15

gz ={1540—400)/[2 x (1436 —2 x 15)] =0.41 KN/mm
gy =gy +025=0.10 +0.41 =0.51 KN/mm

Use 6 mm FW

See Figs. 11.22 and 11.25 for construction arrangerment of this girder.
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clause 4.4.6.4

clause 4.4.6.6

DESIGN OF STIFFENED PLATE GIRDER

It s the normal practice 1n the United Kingdom to use mtermediate stiffeners,
parhcularly for large span or heavily loaded plate gmirders. The use of the
mtermediate transverse stiffeners improves the shear capacity of a thin web,
and generally lends to a reductien n the web thickness, compared with the
corresponding upstiffened web thickness, as Example 23 will demonstrate.

The spacing of the intermediate stiffeners controls the cntical shear
strength of the web, The designer should attempt to mimimsze web thickness
without the use of too many stiffeners, otherwise the fibricaton cost could
become uneconomic, Usually a/d raties of about 1.4 will lead to economec
constructios; however, practical considerstions may dictate o wider spacing.

The outstand of intermediate stiffeners should comply with the same
requremenis as {oad bessing stiffeners, as outlined in Secton 11.4(d).
Intermediate stiffeners are required 10 have 2 pummuam stiffaess about the
centre of the web, 1.e. whan

a/d< 1AL, then [,> 1.5 d* *a®
a/d> 141, then I, > 0.75 47

where /15 the immmum thickness required for the actual spacing a, using the
tension field action, see Example 24.

Mo merease i the mummuam stiffness 1, s requtred when the stiffener s
subjected only to transverse loads in plane of the web. However, if the
stiffener 15 subject to lateral forces or a net moment ansing from transverse
jond(s) acking ecceniric 1o the piane of the web, then the minimusm vaiue
needs 1o be mncreased to satisfy the guidance outlined 1n clause 4.4.6.5, BS
5950.

Intermediate stiffeners not subject to external loads or-momenis should
be checked for a stiffener force (F,):

Fy=v—V¥,< P,

where  Vis the maxymum shear m the web adjacent to the stiffener.
¥, 1s the shear buckling resistance of the web panel {g.,),
designed without using tension field achon
P, 1s the buckling resistance of an intermediate stiffener

When miermediate stiffeners, or load carrymng stiffeners which also aci as
intermediate stiffeners, are subject 1o external loads and mements, they must
satisfy the following mteraction exXpression: :

S F . i
Ik N : ’
Pq Py M

whete  F, 13 the stiffener force previously defined
F_ 15 the external load or reaction
P, 15 the buckling resistance of load carrymng stiffener
M, 15 the momemt on stiffener due to eccentrie applied load
M, is the efastic moment capacity of the stiffener

‘and if Fy < F,, then (F, - F.) 15 made zero.
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clause 4.5.2.2

{a)

{e)

ciause 4.4.2.2

clause 4.4.2.3

If Joads or reactions are applied direct or through a flange, tn between weh
stiffencrs, then the guidance given 1o clause 4.5.2.2. BS 5950 must be
satisfied with respect to the stress, J, along the compression edge of the
appropriate web panel. This stress 13 a combination of any spplied usiform
load {kN/m) acting along the flange plus any point loads or distributed loads
shorter than the smalier panel dimension, divided by this smaller dimensacml
all divided by the appropriate web thickness. The SIress, f.q, MUSt N0t 2xeeeq
the compression streagth, Ped, which 1s dependent on whether or not the
compression flange 15 resttained against rotation relative to fange:
rotationally restrained

2

2 E
Ped = [275 "f"—""(a/dz)} ___[d/{)z

not rotahionally restramed

= 10+ 2 %E
Pt = T Ty i

EXAMPLE 3. DESIGN OF STIFFENED PLATE GIRDER -
EXCLUDING TENSION FIELD ACTION

Example 22 15 redesigned here io illustrate the effect on the web thickness
when infermediate stiffeners are used. This parhicelar plate pirder design does
not use tension fizld action. Any additional bencfit that accrues from utilizing

this structural action 15 demonstrated in Example 24, Reference to Exampie-
22 15 advisable.
1

Moment capacity of flanges

Again, assurning that the flanges resist enty the moment, then the design of
the flanges 15 identical to that for Exampte 22, r.e. 550 mm x 35 mm.,

Shear resistance of web

The destgn requirements reparding the minimum thickaess for webs using
ntermedinte stiffeners are different from those used in previous examples, i.e.

for serviceability: a/d > §0  di<250
2d <10 dit <250/ aldy?

i avoid flange buckling: aid > 1.5 di <250 (345/p,r)
WA 15 A/l S 250 (4550p,,)"

Beanng i mind the overall girder dimensions and the location of the
toud carrying stiffener at the ends and under the applied Joad {see Fig.
1L.3), preliminary decisions must be made with respeet to the spacing of
the intermediate stiffeners, Applying the suggested a/d= 1.4 produces a
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intermediate
niﬂgﬂar

ITLT

g. 11.7 RH portion of girder
{stiffener spacing)

BS table 215

10N WITH CVISIO

stiffener spacing of 2.0 m, The part of the girder subjected 10 the largest
shear loading, e, between the nght-hand end and at the applied ioad
posilion, 15 5.5m long. The spacing of Zm would not therefore be practical
for that length. It may be mare appropniate to place an intermediale
stiffener 2.5m from the nght-hand end, i.e. 3m from the applied foad. For
the stiffened girder te be economuc, compared with the unstiffened girder,
the web thickness must be reduced, ie. try 12.5 mm. This resuits in a
value of d/it=1430/12.5=1 15, which satisfies the mimmum serviceability
and flange buckling enterion of d# <250,

Check the web panel adjacent to right-hand end;

a/d=2500/1430= 1,75
Gor =094 ]‘I.e'fi’l!'.l’l2
Ver==0.094 % 1430 % 12.5= 1680 kN > 1540 kN

Check the web panel adjacent to applied load:

a/d=3000/1430=2.3
Fer =89 N/'mm?
Vo, =0.089 % 1430 x 12.5=1590 kN > 1370 kN

A thinner web plate {say 0 run) can be shown o be madequate for this part-
length.

The maximum shear 1n the web panel adjacent to leR-hand end is 1012 kN
From the calculations in Exampie 22, it can be seen that the shear restsiance
of an unstiffened 12.5 mm plate tcondition a/f=o0) 15 1384 kN. That is, if a
uniform web of thickness 12.5 mm 15 used afong the length of the girder, then
the part-length from the left-hand end to the applied load need not be
stiffened. Altematively, as a splice is required near the powt foad (6 m from
right-hand end, sce Exampie 2), then a stiffened 10 mm web plate could
prove to be more economic, when the net cost of stiffener fabrication against
that of material saving is evaluated. In order to determune the number of
wtermediate stiffeners required in the left-hand part-length, estimate the
tnimum spacing for the maxmmum shear load within that length:

Minimum shear streagth required for end panel
=1012 % 10*41430 x 10)
=71 N/mm?

Using the appropriate d# value (143), the maximum a/d to produce this
strength can be oblained from isble Z1(b), BS 3950, i.e. apout 1.3, which
fepresents a maomum spactag of 1.86 m. Therefore, place the first
itlermediate stiffener 1.8 m from lefi-hand end, and tien calculate the
maximum shear in the adjacent panel and apply the same procedure fo
establish the spacing of the pext stiffener, ete. Based on these calculations, it
18 proposed thet the spacing of the stiffeners s 1.8 m, 2.3m, 4.0m and £.4 m.
Check that these spacings are acceptable:

Lefi-hand end panel;
a/d =1800/1430 = .26,
Ger = T4.5 Nfium®
Ver = 1065KN > 1012%N
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Fig. 11.8 LH end of girder
(stiffener spacing)

clause 4.5.2.2

EEENINNREESANNSNEARAREEN)]

1800 l 2380 4400 l
¥

= I

012 asi 733 618

Second panel from left-hand end:

afd =2300/1430= 1.61
go, =62.9 Nimm?
V., =809 kN > ES0 kN

Third panel from jeft-hand end:

a/d = 4000/1430 2.8
Ger =538 Nimm?
V., =769kN > 733 kN

The last panel, 8.4 m long, immediately left of the applied point load, has to
res1st & maximum shear of 618 kN, which: generates a shear stress of 43.2
M/mm®. This shear stress is less than the valse of g,, for an unstiffened 10 mm
web, 1.e. 49.2 N/mm? {see last coiumn of 1abie 21{b), BS 5950). Structurally,
there 15 no need for an additional stiffener to reduce the panel length.
However, it 15 probably advisabie to introduce another imtermediate stiffener,
so as fo subdivide the panel wto two equal panels. Tias additional stiffener
will help to reduce any flange and web distortion dunng transportation and
erection owing o the thin web,

Nate that when considenng the shear buckling resistance of those web
panels bounded on one side by a load earrying stiffener, the implication s
that these stiffeners aiso aci as intermediate stiffeners and must be designed
accordingly.

Finally, as the uniformly distributed load {68 kN/m) s applied directly to
the flange, then a check on the web between the stiffeners.is necessary. The
maxiemim vaklue of the compression stress acting on the edge of the web for
this example 1s obtained by using the thinner plate size, re.

fin=68/10 =68 N/mm’

On other hand, the mmmum value of compression strength 15 obtamed by
taking the tergest stiffener spacing. Taking snto account that in this example,
the Hange 15 rotanonally restramed:

2 205 x 1}
- Ped = |25+ A |
{4200/ 1430)° | £1430/10)°

= 29.9 M /mm’

The edge of the weh an the compression side s satisfactory.
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clause 4.4.6.4

clause 4.4.6.6

¥

£

? _1754!

Fle. 119 latermediate stiffener

Use fwo 350 mm x 35 mm wide flatg
1430 am> 12.5 mm plate and
1430 mmx 10 mm plate

WELD AT WEB/FLANGE JUNCTION

Calculatson for the weld connecting the flanges to the web 15 as per Example
21, and resuits in g,,5= 048 KN/mm.

Use 6 mm FW

Lateral torsional buckling

As in Bxample 21, there is no need for a laterat torsional buckling check as
the destgn brief states that the compression flange 15 restrasned.

Dasign of intermadiate stiffeners

Examsning the o/d ratios for the different panels shows thai only the iefi-hand
end panel has a value less than 1,41 (= +/2). Therefore, both critena for the
munimem stiffness apply. Using the caleulated web thicknesses produces safe
estimates of the mmntmum stiffaess {7 should be based on tension field action as
determined in Example 24)

1> L5 (1430 x 10)%/(1.800)* = 135 em’
5> 075% 1430 % 12.5° =210em’

L.H end panei
remaiming panels

Try 75 mm x t0mm flais.
The outstand of the stiffener (75 mun) is less than 134, (130 mm).
L=10 (2 x 75+ 1012 % 109 =341 cmy” > 210 cm?

Check the stiffener force (F) does not exceed the buckling resistance of the
stiffener {P,) for the mtermediate stiffener located in the nght-hand part-
iength (p,= 255 N/mm®):

_10(2x 75+ 1258 + (20 x 12.5)12.5°
- 12[{10{2 = 75) -+ (30 x 12.5)12.5]

=28.0mm :
A o=07x1430/28.0=36 i
pe =218 Mimm’
Py=d625x 0.218= 1008 kN
7 = 1370kN {shear at stiffener posttion, see Fig. 1.4}
V¥, =g, dt {choose lower g, of the adjacent panels)
=008 x 1430 % 12.5= 1391 kN
Fom Ve Po=(1370—-1391} = 0 £ P,
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ciause £.4.6.7

clouse 4.5.3

clause 4.5.2.1

0]

(e)

G}

Intermediate stifferiers should extend o the compresston flange, but ng;
necessarily be connected 1o it. Stiffeners not subject to external load or
moment can be terminated at o distanee of about 4¢ fom the tension ﬁaﬂge,
For this example, taking the smallest web thickness {10 mm), then stiffener
can end withint 40 mm of fange. Note that intermediate stiffencrs at any
spectific position can consist of a pair of stiffzners placed symmetricaily aboy
the plane of the web or a single stiffener placed on ene side of the weh, The
latter is effective for the outer girders of & bridge when singie stiffeners are

welded to the mner face of the web to gve the pirder an appearance of being
unstiffened when viewed by the public.

The arrangement of the intermediate stiffeners 1 given in Fig. 11.33,

WELD FOR INTERMEDIATE STIFFENERS

For intermediate stiffeners subject 10 no external toading, the minimum weid
stze required for connecting the stiffeners to the web, assuming a weld op
cach side of the stiffener, is determined as follows:

g5 = 12.5(2 % 5 x 75)=0.21 kN/mm

Use 6 mm FW

i

é Design of load carrying stiffeners

i
Exarminalion of the detailed caleulations for web bearing and buckling m
Example 21 would readily indicate that a web thickness of 12.5 U Teduires

toad carying stiffeners at both the concentrated load and end reaction
positions.

AT POSITION OF APPLIED COLUMN LOAD

The applied load, 1056 kN, acts in the piane of the web of the plate girder, 1.2,
fio moment is generated in stiffeners. Similar to the caleulations outlined in
Example 21, the beaning capacity of the unstiffened web is:

Perp=[(203+2x35) x 12.51 0.275 =938 kN

The associated buckling resstance (£,) is ‘dependent on the siendemness of
the unstiffened web and a design strength of 275 Nfmm?,

A=2.5d/=2.5x 1430/12.5 =286
Pe=22.0 N/mm?
P, =[{203 +2 x 750) x 12.5] 0.027 =468 kN

Clearly, stiffeners are necessary to prevent the local beaning and-buckling
failure of the web at the position of the pomnt load.

‘Try a paw of 160mm x 12 mm flats.
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clause 4.5.1.2

clause 4.5.1.5

clause 4.4.6.6

clause 4.5.4.2

clause 4.5.1.5b

1on WITH (. VISIUN S"PUTCGEITILY

As the outstand of the stiffeners 18 slightly greater than 137, ¢ {156, the
focal buckling resistance of a stiffened web 1s based on a stiffener core area of
156 x 1Z mm’, together with an effect:ve web srea limited to 2 x 20,

Ay =(2 % 156 x 123+ (2 2 20 x 12.5) = 4244 mm?

o 122 % 156 + 12,55 + (2 x 20.x 12.5)12.53
T 12 x 4244
= 9.8 mm

As the flange 15 restrained against lateral movement and rotation and by
unplication the column base, the effective length of the stiffencrs can be
taken as 0.7L. With a reduced design strength of 255 Nmm?, 1e. (1, —20),
then:

A==0.7L/r=0.7 x 1430/89.8 =11.1
Pe =255 N/mm?
Po=d,p.=4244 x 0,255 = 1082 kN

When calculating the shear resistance of panel adjacent to the ioad carrying
stiffener, there is the implied nssumption that the stiffener acts as an
mtermediate stiffencr. Therefore, an additional check must be made using the
mieraction expression previously noted. Using the lesser cotical shear
resistance of the two adjacent panels and assuming that the panel has a
uniform 10mm plate, ve. ignore the splice, then:

¥ = 0.0492 x 1430 x 10 =703 kN
V = 1166 {see Fig. 11.4)
Fy =V—V,= 1166 —703 =463 kN
Fyw-F, =463 — 1056 — 0

As there is no moment acting on the stiffener, A7, =0 then the interaction
expression reduces to:

F /P, =1056/1082=0.98 < |

The bearing capacity for Ioad carrying web stiffeners is obtained, based on
the stiffeners bemng coped/chamfered (15 mm) at the mside comer:

F <Ap, /0.8
A =2 x (160 — 15} x 12 = 13480 mm*
AP 0.8 = 3480 x 0.275/0.8= 1196 kN > 1056 kN

The buckling resistance and beanng capacity of the stiffened web 5
satisfactory,

Use two 2160 mm x 12 mm flats

Note that if the rotation of the flange had not been restrained, then

Lg=L. Also, had the column base {compression member) not been laterally
restraaned, then the stiffences would need to be designed as part of the
compression member and the interfacing connection checiced for any effects
from strut action.
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(ii)

clause 4.4.6.7

{ii}

clanse 4.3.1.2

clause 4.5.2.1

WELD FOR LOAD CARRYING STIFFENER

The mimmum weld size required for connecting the stiffeners to the web,
assuming a weld on each side of the stiffener, 15 determined as follows:

g1=12.5%(2 % 5 x 160} =0.10 kN/msn
In addition, there 15 the external load to be taken tnto account:

g = (F166—TOIVI2 % (1430 -2 % 15)] =0.17 kN/mm
Q|v=QI+QIWD.Ee‘§‘0.!7 =0.27 kN/mm

Use 6 mm FW

AT THE SUPPORTS

Load carrying stiffeners are required at both ends of the girder. Their desipn 15
based on the worse situation, 1e. the reaction (1540 kN) ot the right-hand
support. The restraint conditions with respect to the flange apply also to this
tocation. The design of these stiffeners at both supports follows o similar
pattem as the design calculations noted in Example 22.

Try a 450 mm x 15 mm wide fat

The outstznd of the stiffenars 1s equivalent o 14.5¢.£, which means the core area
of the stiffeners 1s reduced to 2 x 195 mm x 15 mm. The local buckling
resistance of the stiffened web 15 based on this core area of the stiffeners,
plus an effective web area of 20mm x 12.5 mm.

A =1{2 % 195 x 15) + (20 x 12.3) = 6100 mm?

L 15390+ 12.5)% 4 (20 % 12.5)12.57
- 12 % 6100
= 116 mm

Again, a5 the flange ss restramed agaimst lateral movement and rotation, the
effective length (L) of the load carrying stiffeners 15 0.7L and with a design
strength of 255 N.’mmz, the slendemess 1s:

A=0.7 x 1430/116==8.6
hence

pe =255 N/mm®

P, =6100x 0.255= 1550 kN

F{ =1540—1680 — 0

M.=0

Therefore, the nteraction formula becomes:

Fo /Py 154071550 =0.994 < |
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clauge 4.5.3

(iv)

clause 4.4.6.7

The buckling resistance of the stiffener 13 satisfactory. Make the load
bearng stiffener for the lefi-hand end of girder the same size. Now check the
bearing capacity of the end stiffener; note that as the stiffener 15 welded to
end of girder there 15 no coping, te. the Rl stiffener area can be used.

Prrip=450x 13 x 0.275/0.8 =3320 kN > 1540 kN
Use 450 mm x 15 mm wide {fiat

Should the ends of the girder be required to be torsionally restrawned dunng
transportation and erection, then the end stiffeners would need to be changed
to 450 mm x 20 mm fiats, see last paragraph, Section 11.4(d) for details.

WELD FOR END STIFFEMNERS
Minimm weld is given by:
gy = 12,575 x (425 12.5)72] = 0.15 kN/mm

Assuming 2 stff bearing of 127 mm { =254/2) and with =286 then the
minimum fead capacity for an wnstiffened web: ;

po=22 Nfmm? )
P,,=[(127+750)12.5] 0.022 =241 kN i
in addition, the supponrt reaction induces a load into the stiffener, and is the
differenee between the load carned by an unstiffened web and the reaction,
therefore the additional shear load/mm 15

= {1540 — 24§ M[2 x (1430~ 2 x 15)] =046 kN/mm
q =q+g2=0.15+04d6 =061 kN/mm

w0
+J

Use 6 mm FW

See Figs. 11.23 and 11.25 for the construction detaifs of this pirder.

DESIGN OF GIRDER INCLUDING TENSION FIELD ACTION

Note that this method of design cannot be applied to gantry girders. The mun
advance m plate mirder design has been the introduction of tenston ficld
action, whereby the benefit accrued from the posi«%:uc'klud strength of the web
can be wilized. Generally, any plate element subject to a dominant sheanng
action, such a5 a web of a plate girder, 15 deemed to have *failed’, when the
magaitude of the shear causes it to buckle sut of plane owing to the
compression component within the shear field. However, if the edges of the
plate element are remforced, say like a web panel in a stiffened plate gerder,
then that portion of the panel, which 1s parallel 1o the tension component,
continues to resist additional shear lond. The web ne longer bas any strenpth
in the direction parallel to the compression direction, as 11 has buckled. I
effect, the plate girder behaves fike an N-type latuce girder, with the flanges
acting as the top and kottom chords and the *tension components® of the web
scting as pseudo diagonal members, as shown i Fig. 11.10.



http://www.cvisiontech.com/pdf_compressor_31.html

144 STRUCTURAL STEELWORK DESIGN TO BS 5950

Fig. 11.10 Teasson fickd

: nction

clause 4.4.5.4.1

clause 4.4.54.0 |

clause 4.4.5.4.4

NWSNNNNNAZLZ

1

Designers are allowed fo take advantage of this extm web strength, and
thereby reduce the web thickness, e, the basic shear resistance of a wep
panel uiilizing the tenston field action is defined as:

me% dt

where g, 15 the basic shear strength, which 1s a function of 4% and a/d,
and is obtained from the appropnate table 22, BS 5950

, The mean longitudinal stress fis the stress in the smaller flange (associated
with the web panel being considered) due to the moment and/or axsal load. Jf
this flange plate 15 not fully stressed {(f < p,), then additionai shear resistance
ean be generated from this reserve of flange strength oy ~i"), giving a
combined shear resistance for the web panel of:

Vo = (g5 + g, VE )t but < 0.6p,dt

i M Py
where g;is the flange dependent shear strength bemg a function of d/ and
a/d, and is oblained fom the appropriate table 23, BS 5850
S =MD~ 18T} +f, (axial load slress)
My =0.258T%,,
M, =0.25td"p,,,

Note that the parameter Ky is dependent on the maximum moment that etists
m the web panel being considered.

The disadvantoge of tension field action is that n order to develop the
nost-buckled strength of the web, the top comers at the ends of the girder
have 1o be prevented from being pulled inwards, under the action of the
dizgonal tension forces. This is achieved by designing the ‘ends’ to act g
anchors. The anchor force {H,) required to produce the necessary ngidity
al the ends 15 gencrated s a direct result of the tension field action, and is
defined as: '

H, = 0.754tp, | ma‘%‘;—
b 2 4

If (f, < g,), then this force Hy can be multiplied by o g ge—g.0,
whare:

£ 15 the applied shear stress *
gy is the basic shear strength *
9o- 15 the critical shear strength *

* the values of £, g, and g, should be based on the conditions that appertain to
nearest panel to the end which utilizes tension Geld action, i.e. represented by
the shaded areas n the Figs. 11.11-13 inclusve.

(D) Wah-0N
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The anchor foree, H,, induces a lgngitudinal shear force, Ry, and moment,
M, which have to be resisted by the end-post/stiffeners and are defined as:

Ru’ =qu2

My=H, d10
clause 4.4.5.4.2 There are three different methods by which the ends of (he girder can
clause 4.4.5.4.3 be designed to resmist the additional forces mduced by the anchor force:

s ‘The end panels are designed wrzhont tension field action, though the
remsinder of the panels are designed for tension field action, see
Fig. 1111, In addition, these end panels have to be designed as a
beam spanming between the flanges for a shear foree Rypand a
moment M. The ead stiffener must be designed Lo resist the end

Fig. 11.11 End panef resisis rzaction plus the compression foree due to the moment My This

tension field action method has the advantage of relatively stiff end panels, bul at the
expense of smaller end panels or thicker webs n the end panels,
depending on practicat snd fabrication consideraions.

e The end panels arc designed fo utilize tenston Reld action. Fhere are
two altematives for the design of the end posi{s);

— the end post compnses a single stilfener, see Fig. 11.12: the

end post must be designed fo resist the end reaction piug o

moment equal 1o M. This results in substantial end stiffeners,

but the width and thickness of the end post must not exceed
those of the flange, otherwise the designer must resort 1o using
the first method. The top of the end post must be connected by
full strength welds to the flange.

the end post comprises a double stiffener, see Fip, 11.13: both

stiffeners of the end post must be checked as part of a beam

spaniing between the flanges resisting a shear force Ryeand a

: moment M. In addition, the inner stiffener {over lhe suppoit)

D ! must be designed for the compression due to bearing {rezction).

This method requires sufficient space beyond the centre of the

support member 1o extend the girder to accommodale the
Fig. 11.13 End post resists double stiffener.
tenston field acten

ig. 11.12 End stiffener resists
tension field zetion

f

The design of any web panei with an opeming mus! satisfy the
clanse 4.4.5.5 recommendaiions gtven in clause 4.15, BS 5950, In addition, for any panel
fn which there is an opening with 3 dimension greater than 10% ef the
punitum panel dimension, that panel must be destgned without utilizing
tenston field action. However, the adjacent panels can be gesigned wath ar
without the utilisation of lension field aclion, as appropriate.

H.B  EXAMPLE 14. DESIGN OF STIEFENED PLATE GIRDER -
UTILIZING TENSION FIELD ACTION

The design specification 15 the same as for Example 21, with the plate girder
boing designed utilizing tension Aeld action,

AT WIHIT VIS
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(a} Moment capacity of flanges

clause 4.4.4.2a  Agam, assummng that only the flanges resist the moment, then the design
of the flanges 15 identical to that for Example 22, v.e. 550 mm % 35 mm,

(B} Shear resistance of web

The design requisements regarding the muntmum thickness for webs usimg
mtermediate stiffeners with respect to serviceability and local flange buc%déng
are pullined in Section 11.6(b), Example 23.

First consider the web in the right-hand end panel, which cames a shear of
1540 kN snd a moment. The magmtude of the moment ncting o this panel
cant be defined only after the stiffener spacing has been decided. In order ¢
make prelinunary decisions regarding the spacing of the 1ntermediate
stiffeners, use the same spacing for the girder desipned in Exampie 23 as a
guide. Place the first intermediate stiffener 1.7 m from the end support;
therefore, the appropnate moment 1s 2520 kNm. Beanng m mund that the web
plate 1n the previous exampie (no tension fietd action) 15 [2.5 mm
thick, check the adequacy of a 10mm plate, which gives d/r=i43:

a/d =1700/1430=1.19
g, = 0B M/mm®  (1able 22b)
gr =323 Nmm®  (1able 23b)

= {2520 x 10%/[(1500 —35)550 x 35] 4D = 89 N/mm?

clause 4.4.5.4.)

ey My =025 % 550 ¢ 357 % 0.265 x 1077 =446 kNm
Mp. =0.25% 10 % 1430 x 0275 x 10™° = 1405 KNm

446 . 39) .

e e ]z 2

(s 53, 0.00527

t F TS

J ¥, ={108+323 /0.00527)1430 x 10 x 107 = 1BBOKN
<0.6x0275% 1430 x 10 % 1073 =2360 kN

] 1508 I 1800 IUDD
*— t

Fig. 11.14 Stiffener positions
at RH end Place another intermediate stiffener 3.6 m from the support.

Check second panel from nght-hand end:
M=5103 kNm F,=1424kN

a/d=1.33

44.6 81
W T —— 1 =0.002
L % 1405 (l 265) 0.00252

Fy={102+302 /0,002 32)1430 % 10x 1072 =1675kN

Check third panel from nght-hand end
M = 7442 kNm Fo=1295kN

wd=1.33
44.6 264
0 | & ”m( “5“5"5) = 0.00003
166 1295 424 1840

Fig. 11.15 BM & SF diaproms Vo= (102 4-302,/0.00003)1430 x 10 % 1077 = 1482 kN
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Using the next plate thickness {9 mm) would show that the thisd panel hails to
satisfy the shear resistance critenon. Note hat there 15 virtually no shear
contribution from the flange 1 the third panel, as the flange 15 almost fully
stressed, ne. 264 Nimm?®.

Now considering the iefi-hand part-fength, again assume a chanpe 1in plate
thickness to the left of the point foad and make the web 7 mm thick. Though the
stiffener spacing of the previous example was used as a basts, 1t 15 proposed that
the final intermediate stiffener spacing from the lefi-hand end is 1.9 m, 2.2 m,
2.8 m and then three equal panels of 3.2 m. The web panels need to be checked
with d/f =204, which still satisfies the serviceability and fiange buckiing critena

AN EAENANEERE NI NEEI

b 1
H ; of d/t <250.
ﬂl = 1‘ = l e Check left-hand end panel:
Flg. 1116 Stiffener positions A = 1800 ENm F,=IBIZkN
ot LH end /d=1900/1430=1.33
4.6 64
ey 2 ) = 0.008 60
& =i7om ( 255)

¥y =(77.1+350 ., /0.008 6001430 x 7 x 1072 = 1071 &N

Check second panel from left-hand end:
M=3578kNm  F,=883kN i
a/d=2200/1430=1.54 :

44, 127
K mmf«w(l ——) = 0.00591

: NS T4 % 983 265
Wi mm T3 543 :

Vy=(68.0+306 /0.005 9131430 x 7 x 107 =016 kN

Fig. 1117 BM & 5F diagrams

Check third panel from iefi-hand end:

M =5364 kNm F,=T31kN
a/d =2800/1430 = 1.96

K =t (1 —‘_?9) = 0.00321

T 4 x 983 265

Fy={59.0+256./0.00321)1430% 7 » 107 =735kN

Ignosing the flange contribution in the fourth panel, then g, = 58.0 N/mm®
{ =590 kN) which 15 more than adequate for a shear of 543 kN,

Note that when considering the shear buckling resistance of those web
panels bounded en one side by a load carrving stiffener, the mmplication 15
that these stiffeners also act as intermediate stiffeners and must be designed
accordingly.

The unifermly distributed load {68 kIN/m) is applied directly to the fange,
and therefore a check on the web betwean fhe stiffeners becomes necessary.
The maximum vatue of the compression stress acting on the edge ofthe web for
this example 15 obtained by using the thinner plate size, e,

clause 4.5.2.2

fow == 6817+ 0.7 M/mm®
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{c)

(D

clause 4.4.6.4

clause 4.4.6.6

On other hand, the miremum value of compression strength 15 obtained by
taking the largest stiffener spacng. Taking inte sccount that, in this example,
the flange 15 rotationally restrained;

2 205 x 10
Pet = [2.75 +

(3300/1430)* | (1430/7)
= 42.2 N/mm?
The cdge of the web on the compression side is satisfactory. Smaller spacing
and/or thicker webs would Bive more conservative results.

Use two 550 mm %35 mm wide Rats

1430 mmx10 mm platesnd ..

1430 mmx7 mm plate

WELD AT WEB/FLANGE JUNCTION

Calculation for the weld connecting the flanges to the web is as per Exampie
21, resulting in g,,=0.47 kN/mum.

Usge 6 mm F'W

Lateral torsienal buckling

As m Exampie 21, there 15 no need for a lateral torsional buckling check as
the design brief states that the compression fiange 15 restramed.

Design of Intermediate stiffenars

Examinng the a/d 1atios for the different paneis shows that only the lef-hand
end panel has a value less than i.él{=ﬁ}. Thereflore, both crtena for the
mimmum stiffness apply. Using the caleulated web thicknesses {rmust be
based on tension field action):

For 0 mm web and a/d < [.41
I > 1.5 (1430 % 10)*/(1700)* = 152 cm*
For 7mm web and a/d < 1.4
i 1> 15 (1430 (1800 = d6em?
For 7mm web and a/d > .41 )
L>075x1430x 7P = Iem”

Try 75 mm = 10 mum flats.
The outstand of the stiffener (75 mm) s less than 136 £ (130 mm).
i

L=10 (25754 10)/(12 x 109 =34) cin® > 152 e

Check the stiffener force {Fy) does not exceed the buckling resistance of )
the stiffencr (P,) for the first mtermediate stiffener from the nght-hand end
(P, =255 Nfmm?):
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_ 1002 x 75 4- 10 4 (20 x 10)102
TV Z[0Z % 75) + (20 = 10)10}
=3L4mm
A =0.7% 1430/31.4 w32
Pe =234 Ninm?
Py 3500 %0234 =819 kN
V' == 1424 kN (shear at stiffener position, see Fig. 11.15)
Vi =qa.dt  (choose lower g, of the adjacent panels)
=0.065 x 1430 x 10==930 kN
Fy=¥wV,
=1424-930=494 <P,

Also, check the first intermediate stiffener from feft-hand end:

_ =754 7 (20 x 7P
Y 12[(10(Z2 < T3) ¥ (20 x )7}
=38.1mm
A =0.7x1430/36.1 =28
P =240 N/mm?
Py =2480 x 0.240 =595 kN
¥ =883 kN {shear at stiffener position, see Fig. 11.17)
¥, =q. dt {choose lower ger of the adjacent panels)
={0.032 % 1430 x 7=320%N
Fy=V-V,
=883 -320=>563 <P

The remaining intermediate stiffeners can be shown to be adequate. When
tension field action s utilized, all stiffeners, including miermediate stiffeners,
constitute the ‘compression components® of the N-type lattice mirder model, see

clause 4.5.11 Fig. 11.10. Therefore, the intermediate stiffencrs should be fitted

between or connected with continuous weld to both flanges. See additional

notes given mn Section 11.6(d) in Example 23.

The arrangement of the intermediate stiffeners 15 given i Fig. 11.24,

)  WELD FOR WEB/INTERMEDIATE STIFFENERS

For mtermediate stiffeners subject 1o no cxternal leading, the minimum shear

permm length required is the same as for Example 23,

Use 6 mm FwW

(e} Load carrying stiffeners

Examimnation of the detailed ealculations for web bearing and buckling in
Example 23 would readily indicate that load carrying stiffeners are reguied
at both the concentrated load and end reaction posttions. The joad carrying

stiffeners at the supports n effect become end postsfstiffeners.

1N WITH C VISTON'S PUTCEITT GO
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() Load carrying stiffener at position of applied column load clause 4.5.1.5b Note that if the rotation of the flange had rot been resrained, then

Le=L. Also, hiad the eolumn base {compression member) not been laterally
restrained, then the stiffeners would need 1o be designed as part of the
compression member and the wterfacing connection cheeked for any effects
from strud action.

The applied toad, 1056 kN, acts in the plane of the web of the plate girder, e,
no moment 1s generated 14 the stiffeners.

Try a parr of 160 mm x 12 mm flats,

clonse 4.5.1.2 The outstand of the stiffeners is slightly greater than 134, ¢ (156), therefore
the tocal buckiing resistance of a stiffened web is based on a stiffener core area
of 136 x 12 mm”, together with an effective web area limited to 2 x 20¢;

A = {2 % 136 x 2]+ (2 % 20 » 10} = 4144 mm?

{iy WELD FOR 1LOAD CARRYING STIFFENER

The minumum weld size required for consecting the stiffeners to the web,
assumung 8 weld on each side of stiffener, 1s determined as follows:

clause 4.4.6.7 gy= 12.3%(2 % 5 x 160) = 0.10 kN/mm

o 122X 56+ 10)° + (2 x 20 x 10)10°
12 x 4144
In addition, there is the external load to be taken into account.

gy ={1166—280)/[2 % {1430 -2 x 15)] =0.32 kN/mm
g =41+ g2=0.10+0.32 =041 kN/mm

= §9.8 mm

The effective length of the stiffeners ss taken as 0.7L, as the fange is
restratned agninst isteral movement and rotation and, by emplication, the
column base. With a reduced desipn strength of 255 N/mm?, 1e. (7y—20),
then:

Use 6 mm FW
{g) Design of end-postistifieners at the supports

4=0.7 L/r:()i?' x 1430/89.8 =1 1.1 . End-posts/stiffeners are required at both ends of the girder, In plate girders
p.=255N/mm b

p . Lih where tension field action 1s utilized, the ‘end stiffeners’. play an 1mportant
Pemdspo=4ldd 0355 = 1056 kN : structural role, 1 that they have to resist the anchor force without which
tenston field action would not be generated, Section 11.7 putlines three

When calculating the shear resistance of panels adjacent to the load carrying e
methods of providing the necessary resisiance to the anchor foree. In the

stiffener, there 15 the mmplied assumption that the stiffener acts as an

clouge 4.4.6.6  ntermediate stiffener, Therefose, an additional check must be made A example bemng cons_ide.rcd, the design speciﬁcandn states that the ends of the
using the interaction expression previously noted. Using the lesser cntical i : girder must not project beyond the centre lines of the supporting columns.
shear resistance of the two adjacent panels and assurning that the panel has a i Therefore, the chowce 1s reduced to one of 1wo methads:
uriform 1mm plate, 1.2, 1gnonng the sphice, then: clause 4.4.5.4.2  {z) Design the panel ummedistely adjacent to the end-post/stiffener
¥, =0.028 x 1430 x 7=280kN : without tension field action and to Tesist additional forces due to anchor
¥ =1166 (see Fig. 11.15) : force; design end post/stiffener to withstend reaction and force due to
Fy=VF—¥,=1166~280=886 kN moment. : : - :
F,—F, =886—1056—0 clause 4.4.3.4.3  {b) Design an end-post/stiffener which has to provide the total resistance

to the anchor force.
As there 15 no moment acting on the stiffener, 4, =0 then the ateracnon

expression reduces to: The restraint conditions with respect to the flange apply also to the ends.

= = <
FIP, = 1056/1056 == 1.00 <1 () METHOD @)

clause 4.5.4.2 The beanng capacity for load carmying web stiffeners 1s obtained, based

h clause 4.4.5.4.2 See Fig. 11.11) Redesign the nighi-hand end panel without tension
on the stiffeners being coped/chamfered (15 mm) at the wmside comer: ( & ) & = P

field action. This can he accomplished in two ways:
F, <dp, /0.8
4 =2x(160—15) x 12=3480mm’

Apy /0.8 = 3480 % 0.275/0.8 =1196kN > 1056 kN

{a/1) Retan the web thicknesses obtained in Section 11.8{b), but reduce the
width of the end panels, so that the actual shear stress 15 less than the
comesponding shear buckling strength. The posihiomng of other

The buckling resistance and beanng capacity of the stiffened web 15 mtermediate stiffeners may have 1o be Z{mﬂnd‘éd- N _
satisfactory. . ta/2) Retam the spacing of the intermediate stiffeners as determuned in Section

1 1.8(d), but mcrease the web thicknesses until the actual shear stress 18
Use two 160 mmx 12 mm Bats ! less than the shear buckling strength of the panel.
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Applying method (2/1), first calculate the actuai shear stress 1 theend-pane].
S={1540 x 10°)/(1430 x 10) = 108 N/mm?

and knowing that d/t= 143, determine the @/d ratio from table 21(h),

BS 5950 which would give a value of g at least equal to 108 Nimm?, ie.

0.83, wh%cu would result in & panel width of about 1,18 m, Place the twg
intermediate stiffeners 1 the right-hand part of the girder nt 5.1 m and 3.3 m
from the end and check the adéquacy of the modified panels.

IENRENRANRERNAREANRERRA)

Check first panel from right-hand end — without tenston field action:

dft =143 a/d =077
gor = 120 N/mm?
Ver =0L120 % 1330 X 10=1715kN > 1540 kN

2400 2000 nsn]
L—Mﬂ

Fip. 11.18 Rewvised stiffener
spacing

Check second panel from right-hand end — utilising tension field action:

M =4447 kNm F,=1465kN

a/d =1.40

44.6 (158
Kp=—— .28
d 4x!495(_ 255) 0.00320

Ve =199.24-295+/0.00320)1430 x 10 x 10~ = 660 kN

Check third panel from right-hand end - wtilizing tension feld action:

nes i M =T442kNm  F,=1320 kN

) a/d =}4.68
Fig. ILI9 MB & ST diagrams 44 .6 264
K = ——— | =
/T A% 1405 (i 255) 000003

g Vo =(92.5-+267+/D.00003)1430 X 10 % 10~ = ] 344 kN

In nddition, the end panel bounded by the end post and an inteomediate
stiffener has to be checked as a beam spanning between the fanges of the
girder. This means that the end stiffener has to be eapable of resisting the end
reaction and the compression {orce anstng from My and the intermediate
stiffener has fo resist an additional force from My,

Trial scction for nght-hand end-post/beaning stiffener — 450 mm x 20 mm

BS table 6 b/T=(450— M2 x20) = 11 > 8.5 but < 13¢
: d/t=1100/10 =110 > 98z but < 120z

This means that the ‘beam’ is semi-compact and its moment capacity,
mrespeetive of its shear load, can be determined from Mo, =p,Z,. Check the
shear capacity of the web in the ‘beam’,

clause 4.2.3 Py=0.6x0275x 1100 x 10=:1815kN > 1120kN
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Making the conservalive assumption that only the ‘flanges’ of the *beam’
resist the moment, snd that the adjscent intermediate stiffener has the same
section size,

M, =0.275 x 450{1110° — 1070°)/(12 x 555 % 10%)
== 2650 kMm

which mdicates that the moment capacity of the *beam’ 5 more than
adequate, compared with 320 kNm.

Check the buckling resistance of the end-post/beanng stiffener:

clause 4,.5.1.2  The full section of the end stiffener can be used in the buckling check, as
b/T<13e.

Ay = (450 % 20} + (20 x 10} = 9200 mm?

_{20(450)° + (20 x 10}10°
= 12 % 9200

= 128 mm

clause 4.4.6.6 The flange 1s restrained against lateral movement and rotation and, using
a design strength of 245 N/mm?, the slendemess becomes:

A =07 % 14307128 =78
hence
P =245 N/imm®
P, =9200x0.245 =2255kN
Fe =15404-320/1.09=1835&kN
Fy =1540—1715 -0
M, =1}

Therefore, the interaction formula becomes:
F/P = 1835/2255=0814 < |

The buckling resistance of the end-post/beanng stiffencr i satisfactory,
clause 4.4.5.4.2 Now check the bearing capacity of the end stiffener, noting that as the
stiffener 15 welded 1o the end of the girder, there is no coping, i.e. the fill
stiffenter area can be used:

Popp =450 x 20 x 0.265/0.8 = 2980 kN > 1835 kN

If the end stiffener had been fitted between the girder flanges, then the
stiffener would have been coped and a check on the reduced bearing capacity
at the bottom of the stiffener would have needed to be undertaken.

Use 450 mm x 20 mm wide Hat

As (e first intermediate stiffener from the nght-hand end forms part of the
‘beam’, use 2 pair of 225 mm x 20 mm wide fAats.

The calculations given m the last peragraph, Section 11.4(d) wdicate that
this stiffener provides sufficient torsional restraint to the ends of the girder,
should this be a design requirernent.

QIO WL VIS TU N SR
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(i)

WELD FOR RH END POST/BEARING STIFFEMNERS

Mimmum weld is given by;
gy = 10%[5 x (450 — 10)/2] = 0.09 kKN/mm

Assurning a stiff beanng of 127 mun (= 254/2) and with 1==1357 then the
mimmum load capacity for an unstiffened web:

pe =15 Nimm?
P =[{127+750)10] 0.015=132kN

In addition, the support reaction induces a lozd into the stiffener,.and is the
difference between the load carmed by an unstiffened web and the reaction;
therefore the additional shear load/mm 1s;

g2 ={1835— 132)/(2 x 1430) =0.60 kN/mm
g =g;+g;=005+0.60 =0.68%N/mm

Use 6 mm FW

Now consider the left-hand portion of the girder. In order to keep the
number of different web plate thicknesses to 2 mmimum, make the web of the
left-hand end panel 10 mm thick, while retaming the stiffener spacing

determined in Section [1.8(b). Check the shear buckling reststance of the end
panel without tension field action:

dlt =143 a/d=133
e =70.2 N/mm?
Ver =0.0702 % 1430 x 10= 1004 kN = 1012 kN

it appears that the 10 mm plase just fails (< 1%); however, a panel dimension
of 1900 mm was used for ease of calculation, Examination of the details of
the panel would indicate that the ciear dimension of the web should be
1870 mm {=]900 —20 -~ 10). Recalculation would show that the 10 mm plate
is just adequate.

Make the end-post/bearmg stiffeners at the lefi-hand end the same size a5
those for the nght-hand end. Checking these sizes would reveal them to be
more than satisfactory as the design conditions are less severe.

Examination of Table 11.1{b) indicates that the maximum length for a
7mm plate 15 13m and for 2 10mm plate the length 1s 18 m. The design
solution indicates that the web plate for both the nght-hand portion (from the
pomnt load 1o the nght-hand end) and the lef-hand end needs to be 10mm
thick, with the rematming plaie bemng 7 mm thick. By making the splice joints
at 3m and 16 m from lefi-hand end, it 1s possible to utilize the maximum
leagth of 7mm thick plate and a total length of 9m for the 10 mm plate which
15 exactly half the maximum length for that thickness of plate, The actual
maximum length for 10mm pliate rolled by British Steel is 1.3 m, which
means that two web plates can be cut from this length, The extrz 0.3 m would
aliow for the cuthing and necessary edge preparat:on.

Tf the second method (a/2) 15 applied, 1. retaning the ongmal spacing of
the intermediate stiffener of £.7m, 1.9m and 1.9 m within the nght-hand part
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{iti)
elause 4.4.5.4.3

elause 4.4.5.4.4

()

of the girder, then a 15 mm web plate would be reguired for the end panel.
This would mtroduce another plate thickness. Tha[dt:ﬂgn solution from the
method {a/1) would be more econcmic. ;

See Figs. 11.24 nnd 11.25 for the construction armangement of the girder,
which is based on the design solution determined by method (a/1).

METHOL} {b)

(See Fig, 11.12.) Design the nght-hand end stiffener for the cundilic}nlof'

the adjoining penel destgred utilizing tension field sction, as Licst‘gncd in the

previous section. Caleulate the anchor force, apd the corresponding

longitudinal shear load and moment, using ! = 10 mm: ‘
70 ;

' — e = 2240 kN P
Hy =075 x 1430 x 10 X 0.2754/§ = oo = 22 E

Ry = 2240/2 = HI20kN
My =224 % 1.430/10 = 320kNm

The stiffener has to act as an end beanng siffener and an end post, and has to
resist both the end reaction {1540 kN)} and a moment equal to 213kNm
{=2x 320). Also, the width and thickness of the stiffener must bot exceed the
width and thickness of the fange. Assuming that the end stiffener has the
dimensions of the flange, 1.e. 550 mum x 35 mm, then ;ts plastic mamen.t
capacity about 1s own axis is 275 x 550 x 357/(4 x 10 V=463 kNm. which 15
considerably less than the 213 kNm required. Itrwonid require 2 stiffener
significantly larger than 350 mm x 35 mm, thereby rendering this method
mnvalid for this example, as the limiation on maximum size would be
vioiated.

-Alternative design solution for end posts

{See Fig. 11.13.) If the design brief had allowed the girder to be supported
neross the whole widih of the supporting columns, 1.e. the situatton whgn
there are no adjacent garders, see Fig. 11.13, then the method outlined in
clanse 4.4.5.4.3(b) could be applied. The method is similar to method {a/1),
c¢. the web betwaen the two end posts, together with {he end posts would be
designed as the ‘beam’, while the web of thc'ﬂdjnccnt end panel would be
designad for tension field action, as outlined n Seclion 11.8(b).

OTHER CONSIDERATIONS

The exampies have deait with the design of the common form for plate
girders, 1.e. constant depth and doubly symmetnic cross'sect{on, as
recommesnded by BS 5950: Part 1. An examination of the different designs
for the design example, s.e. Examples 2124 mclusive, would revenl that as
the overall weight of the mrder {and hence matenal costs) decrease, there s a
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comesponding increase in fabrication cost, e.g. splices, stiffeners. The aciug) * Web

least cost solution will depend on the combined material end fabricator cogyg. splice

Expenence has shown that the costs between different fabri_casﬂrs can vary Web ~* Web 1430 % 25

considerably, partly owing to the their expentise and the fabrication facilites, 1430 % 75 .

Therefore, it is essential that the design engineer has a pood working : : ;— Detail X

relationship with the nominated. fabnicator, as the jatter's keowledge of ik ‘II}SUD

fabrication details could lead 10 reduced costs, e.g. what is the most €ost '

effective edge preparation for bugt welds? Is the best solution for jowning twy : — Flangs

{langes of different thicknesses obtaned by tapening the thicker plate dawn to 4000 splices 18009

the thickness of the thinner plate at a splice position? Is mtermittent fillet Flanges 450 x 25 Flanges 450 25 ‘

welding more economrc than continuoys welding when the calculated wejy 16 500 - 5500
' size for a continuous weld is muci less than the mnémum size of 6 mm?
‘ With large span girders, the designer can {ake sdvantage of shop )
fabneation splices hecessary owing to limiting lengths of rolled plate by
varying the web and/or fange thicknesses, Indeed, 1n Examples 22, 23 and
24, the web thickness was varied along the length of the grrder according 1o
the shear requircments. Likewise, the size of the Banges can be made 1o
reflect the moment distibution Hong the girder length, provided an
tunprovement in the pverall econonty of tie structure, including foundations,
can be clearly demonsirared. Normaliy, changes in flange size along the 16000
girder are not economic for buildings, because of the modem practice of Web 1430 x 12.8
aulomalic/semi-nutomatic welding. However, the emergence of the welded
tapered porini frame {with varying flanges and web depth} produced by ["‘

3750 14 259

Fig. 1121 Details of unstiffened plate girder — thick web

Web
s;:l]icn §000
Web 1430 x 15

P A
=
— Flangues 550 35 i Al_ 60x12

Datait ¥

1596

:I

dedicated equipment has seen ap increasing use of the tapered/haunched 450 x 16
beams, in multi-storey buildings as they can readily accommodate services
within ther depth.

Other practical situations can arise in which varying the web depth/flanges 16 500
could prove economic. For example, in & heavy industrial building, a crane
girder may be required to span twice the normal distance because the ‘central . . . L .
column’ has to be temoved to allow & railway siding to enter the side of the Flg. 11.22 Details of unstiffened plate Birder — thin web

building, If the columns are standardized for economy reasons, then the ends :

—— i of all crane girders must have the same depth at the column supports. For the
double-tength girder, this means that its depth has to be vaned downwards in
order to maimtain the crane rail laver at a specified height, 15 illustrated by.

[ 1 Fig. 11.20. The reverse sttuation can anse for through read/rail bridges where et

Fig. 11.20 Typical vanable  the soffit of the bridge needs to be horizontal, v.e. the height of the girder splice

: . 6000
depth gered would be vaned slong the girder length. 16 000 .
depth grders 4 & £t Waeb 1430 % 10 Wab 1430 x 12.5

PA
1 J
=
|

75 %10 AZ 6D x 12

4000 4200 4700 3000 2500
| I B "

450 x 15
5500

Detally 8
i

450% 15 1500

=

=y

1

V=V

Flanges 550 % 35

ey

50x 15

1800 2300

Fig. 11.23 Details of unstiffened pinie girder — exeluding tension Geld action

1A WHN C . VISIUUNSY L VA NG T ARG WIwI N
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Web
000 13000 splice 8000
Web Web 14307 Weh 1430 % 7
139 x 10
£ 25 %20
f °p p A
T Ti T . Tt i |_
t
s | [ | | u =1
Detail 7 C E L i ub Flanges . i,‘ A 1 ]
3 475 % 10
1225 x 20 550 x 35 MBI 12
1500 2209 4066 4289 4200 24008 2000 (T1G0
| [~ i i
Fig. 11.24 Details of siffened plate girder — wiilizing icosion feld zciion
’ Fulf strength
Fiange splice only hutt weids
tar 25 mm plate 550 % 35
i 456 % 15 |E
| 2
|- Full strength - 176 x 10
| butt welds b I
] 4
sruaeagasd - :'; aveana ey
S - ]
Detail X Datait Y Laoad bearing intarmediata
stiffeners stiffenars
l All FW to be B mm cominuous I Sectian A-A  Section B~B

C
R

450 x 20 [} Fuil strength
butt welds

: Hi4
RYRTTECTIVRTRINRUTIIINY I LTV
(/‘

Detait 7

C§> End post  intezmediate

stiffeners

Saction €-C  Sectson D-D

Fig. 1125 Stiffener detasis of the plate pirder examples

As the reader becomes familiar with 8BS 5950: Part § design guidance,
other factors might need to be considered in denving the final desipn
solution: :

)

e  Fanhgue — where repeated joading 15 a design condition, e.g, for
crane and bridge girders, fanigue resistance must be checked.

s  Britle fracture —notch ductiie stee! may have to be used for the
tension flange, see BS 34000 ‘

e  Large temperature range — special beanngs may have to be made at
the supports to accommodate the expansion and contraction.

o Deflection - compliance with the appropnate deflection limut would
mean either mcreasing girder stiffness or camberning the mrder.
Deftection limnations are more severe for crane girders.

o  Transporiation and erection — site splices are nsually required for
sunply supported spans over 2540 m. Special handling and lifiing
amangements may be necessary as a resull of the low forsioaal
stiffness of plate grders. Wind jozding mght be a probiem due 1o
the farge surface aren of a girder.

Compasute design of plate girders 15 not covered, but design guidance 15 grven
m reference [3). Finally, always check that the required plate sizes are
currentty available.
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PART

THE DESIGN OF STRUCTURAL
STEEL FRAMEWORKS

The design of simple elements given m Part I is usually only pant of the
overall building concept. It is necessary to develop a spatial awareness of the
strustural framework 1n three dimensions. The action of the whole framework
must be considered including 1ts behaviour under laterai loading, In some
cases frame action {continuous construetion) may be preferred to connected
element design {simple construction) from considerations of cost of
appearance. Many of the design procedures used in Part 1 have been
developed in Part I, and it 15 advisable for the stedent first to become familiar
with element design.
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i
DESIGN OF SINGLE-STOREY
BUILDING - LATTICE GIRDER
AND COLUMN
CONSTRUCTION

INTRODUCTION

Over half of the iotal murked share of the constructional steelwork fabncated
in the Usnited Kingdom s used 1n single-storey buildings. Therefore, 11 18
almost certain that an engineer will, at some time, have to design or check
such a building. Whereas previous chaplers have mtrodueed the design of
various simple elements, the next three chapters extend the design concept of
the overalt design procedurs of whole structures, ve. three-dimensional
struetural arrangements. Essentrally, most members 1 frameworks are
posttioned so as to transfer load in space {o other members and eventually
down 1o the ground, by the simplest, economic ‘siructural” route. The next
two chapters will be devoled specifically to the vanous design aspects of
single-siorey structures. Though these structures represent the simplest form
of three-dimensional frameworks, they will iHustrate most of the structural
design critena which an engineer nught encounfer. This particular chapier
outlines the different considerations used m designing all the structural
members for a complete building, based on the mam frame being of lattice
girder and column eonstruction (see Fig. 12.1). In the next chapter, the same
buitding will be redesigned using portai frame construchon, For brevity, only
the main supporting frame will be redesigned as a portal franie, as the design
of the remaning structural members 15 common to both forms of
construckion.

In develeping the structural arrangement for a sigle-starey building or
even a multi-storey building 1t should be borme m mind that the shorter the
span of a structural member the more economie it becomes. However, the
clicnt/owner of a single-storey building frequently stputates, as m this design
exercise, that the foor area should be free of internal columns m order to
obtamn the gresest flexibiity of space which can readily accommodate any
future modificaitons (o the usage of the Boor area, withoul major structurai
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Fig. 1.1

Fig. 12.2

Il
i
1

Typical truss and
column construction

Proposed man
fiume spacing

alerations to the buildisg. For economic reasons {such as having a fow-line
preduction operation), most industrial buildings have 2 rectangular fioor plan,
and therefore always armange, where possible, to span the main Fames scross
the shorter distance, thereby minimizing member sizes (see Fig. 12.2).
Though the client usually gives the designer a free choice of structural
arrangement, the best ‘least cost® solution is nevertheless expected. In a
paper!? gving comparative costs of four different types of single-storey
arrangements {roof truss, lattice girder, porial frame and space frame) the
single-span portal frame seemingly did not praduce the most economic
answer for the single-bay frame, when assessed on initial coat, The study
wndicated that the Iattice girder construction produces the most economic
solutton for the span being considered in the destgn exampie. However, wihen
one takes nto account the cost of maintamming the statutory mintmum
iemperature within such buildings then the low roof construction of a portal
frame could have a financial advantage over other forms of construction
dunng the lifespan of a building (usually 50 years). This is probably why,
together with its simple, clean lines, the most common form of single-storey
building found on any moders mdustrial estate is that of portal frame
construction, with over 90% of al} single-storey buildings se constructed™

36.4m

[ 80.0m

DESIGN OF SINGLE-STOREY BUILDING — LATTICE G!RDER AND COLUMM CONSTRUCTION
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12.2

12.3

Fig. 123 Two common
forms of lattice
guder

100 WIIT L VISIUN S PUIRGOHT)

Despite the dominance of portal frame construction m the past, there 15 a
growing demand from the hi-teeh mdustries for higher quality and flexibility
in the use of buildings. The structures of such buildings are frequently Aat-
roofed utilizing solid/castellated beams or fattice girders, The advaniage of
the lattice girder or castellated form of construction is that 1t allows S&TVICES
to be accommodated within the depth of the roof construction, at the expense
of deeper roof construction when compared with portai frames,

In order to understand the overall design procedure for a building, the
following design exercise will deal with the complete design of a single-
storey building based on lattice girder and column construction, However, n
Chapter 13 an alternatrve approach, using portal frames as the main
supporting structure, will be considered; that is, the simple Lattice girders with
uruversal sections as column members will be replaced by # senies of portal
frames.

DESIGN BRIEF

A client requires a single-storey building, having a clear floor area,

90 mx36.4 m, wilh 2 clear height to the underside of the roof steslhwork of
4.8 m, with possible extension to the building in the fulure. The slope of the
toof member 15 to be at least 5°. it has been specified that the puilding is to be
insulated and clad with PMF metal sheeting profile Long Rib 10600R
(0.70mm thick, mnimem necessary for roof to prevent damage durng
maintenance access). A substrata survey of the site, located in a now

_devefopment arca on the outskirts of Guisborough, North Yorkshire, has

shows that the ground conditions are able to sustain a foundation beartng
pressure of 150 kN/m? at 0.5 m below existing ground ievel.

PRELIMINARY DESIGN DECISIONS

The two common arrangements for open web {lattice) girders are illustrated
by the diagrams i Fig. 12.3, i.e. the Warren or Pratt truss girders. The
difference between the two types is basically that thieWarren truss has pairs of
diagonal members of approximately the same length, while the Pratt truss has
short verticals and long diagonals. Under normal cireumstances of gravity
loading when there is no oad reversal, the Prall truss 5 structurally more
cificient because the short vertical members would be m compression and the
long dizgonals in tension. However, when there is load reversat i the

VAVAVAVAVAVAVAY,

[a) Warren

{b} Prait
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Fig. 1.4

Struchural
arrangement of
matn frame
members

[2.4

diagonals then the Warren truss may prove to be the more economic
arrangement. Also, the Waren truss may give larper access space for circular
and sguare ducts and is considered to have a better appearance. Therefore, the
Warren truss has been sclected for this desipn exercise.

One of the chieapest forms of construction for the lattice gmirders would he
if the angle sections, vsed for the diagonals (web members), were welded
directly to the top and bottom chords, fabncated from T-sections, and this
construction will be the basis of the main design. An ahternative form of
construction is to use twbular (hollow) sections, which are being mereasimgly
incorporated into hi-tech steel buildings. Tubular seetions have a good
appearance and are efficient as compression members but are difficuit to
connect sattsfactorily, panticularly when subject to high loads, when stiffener
plates are required to controf bending of the section walls,

The stope of the tap chord is chosen to reflect the mmimum specified {5°)
or thereabouts, Consequently, because the yoof slope is less than 15° then the
sheeting will need to be iaid with special stnp mastic lap sealers, m order to
prevent capillary action and hence rain leaking into the building, Other
practices for ensuring weathertightness are to increase the side and end laps
and fustener freguency. Such detais should be checked with the sheeting
manufacturer's catalogue. The alternative 1s to use standing seam type
sheeting with concealed fixings. As regards limuting deflection, there are no
mandatory reguirements, but commosly aceepted criteria for a typical
insulated building are L/200 for roofs and L/150 for verncal walls.

The required slope can be achieved by maling the depth of the latuce
girder ot the eaves equal to 1720 of the spas and the depth at the centre of the
span /10, Assummg the column depth to be 0.6 m then, with reference to
Fig. 12.4

185 m I y

185 m

4BCm
. 370 m
i

Span between column centres (L—36.4+0.6) =37.0 m

Spacing of lattice frames = 60m
Hetght to underside of girder = 48 m
Depth of girder at eaves = 185 m
Depth of girder at nidpe (apex) = 370m

It

Actual stope of rafier [f=tan™" {1.85/18.5)] 37

LOADING

Before any des:gn calculations can be undertaken, the joads that can occur on
ar i1 a building have 10 be assessed as accurately as possible. The loads which

l:
L
i
|

}

i
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12.4.1

12.4.2

12.4.3

normally govers the design of a single-storey building are dead loads'™, enpw
ioad™ nd wind loading™ ™. In addition, the designer should give thought to
the possibility of unusual leadings, such as drifting of snow'™, and
overoading of a gutter if the downppes become blocked or cannot cope with
a large volume of rainwater during a deluge. Modem buildings may aiso be
required to accommeodite services, such ag ducting or spnnkler systems. The
weight of these items can be significant and it is advisable that advice from
the suppliers 15 sought, {Note that the snow load information referred to in
references (2) and {§) 15 to be mncorparated in BS 6399: Part 3, Code of
Practice for Snow Leads). Also, depending on the function of a building,
dynamuc loading from crane operations can be an exira design consideralion.

Dead ioad

The dead loads affecting the design of the building result from the self weight
of the sheeting {including wsulation), the secondary members and main
frames and will be included in the design calculations, as and when they
occur, Esumating the selfivesglu of sheeting and secondary members 15
relatively easy as this mformation is contaned in the manufacturers’
catalopues. Assessing the seifiweight of the man frame 1s more difficalt, as
this wnformation is requured before the destgn of the frame. Designers with
experience can make mpid estimates. In this design example, a rough guide
would be to make 1t about 15% of the total gravity load acting on the man
frame. Cleazly, the selfiveight of frames spanning smaller distances, as a
percentage of the total gravity loading, would be less and for larger spans the
percentage is larger. The self-weight of the BSC profile Long Rib 1000R with
wnsulation will be taken as 0.097 kN/m’.

Snow load

The relevant wformation regarding the snow leading 15 2t present comamed
in BS 6399: Part 1'®. For the proposed site {(Guisborough) u 1s estimated that
the refevant snow load is 0.75kN/m? {acting on plan) though it 15 anticipated
that 1 Part 3 of BS 6399 there will be regional vanations, as is already
permutted in the farm building code BS 3502, The egusvalent snow load
acting along the inelined roof member s 0.75 cos #5075 0.995 =

0.75 N/m?. The use of an equivatent load makes due allowance for the purlin
spacing being given a5 a siope distance. However, at this stope 1t 15 seen that
the difference n load on slope and on plan s nepligible.

Wind load

From CP3 Chapter V Part 2 (also 1o be incorporated into BS 6399), the wind
toading on the building bemng designed can b established. Also, the reader 15
directed 1o reference {4) which deals more fully with wind loading on

buildings and contains the background information on which reference (3)1s
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based. As the site 15 jocated in Guisborough, then from reference (3), the
bastc wind speed is estimated as bemg 45 m/s (Fig. 1 of reference () the
factors 81 and 8y are both 1.0, From the information supplied, the groung
roughness 15 assumed to be 3, and because the butiding is ionger than 50 m
the 'building size’ 15 designated as class C. From Table 30 kmowing the '
vuilding height is 1n the 5-10m region, the factor §5 15 {ound to be 0.69,
based on a height of 10 m. (A stightly lower value might be obtained by

interpolation, as the actual height 1s 8.5 m). Hence the dynamic pressure (g)
15:

g =613 (L. x 0.69 x 1.0 x 45)%1000
=059 kN/m?

The exfernal pressure coefficients for a buildirg (with a roof slope of
5.7°, a building height ratio Jw=28.5/37.0=0.73 and a building plan mtip
lAv=90.037.0=2.43) are obtamed from Table 7 {walls) and Table 8 (pitch
roof5)™!. Though the dimensioss used in this example are based on the centee
lines of members, i is the usual practice o use the overall dimensions of 5
building, However, the latter would not materially affect the eaicuiated
values. The Infernal pressure coefficients are assessed from Appendix E®
assuming that the two long faces of the building are equally permeable white
the gable faces are not; that i5, -+ 0.2 when the wind is normal ta a permeable
face and —03 when normal o an mpermesble face. However, it could ba
argued that one should aflow for the cceurrence of dominant openings,
particalarly if details of openings have not been finalized at the design stage;
that is, the designer makes the appropriate deciston, depending on the
mformation available regarding opemngs i the buildings. Therefore, use the
clause 1 reference (3) which allows the destgner 10 take the more onerous of
+0.2 and —0.3. This covers the pussibility of a dominant opening, provided it
15 closed dunng a severe storm. The resulting wind loading conditions for the
building (cf. Fig. 2.9 for frame only), are gven in Fig. 12.5. The value of 0.95
15 detenmined by nterpolation. IF there 1s na possibitity of a domanant
cpemng, then only wind cases B and C apply {see Fig. 12.5).

The diagrams show that the maximam pressure that can act on the sides
and gables of the building 15 1.0 % .59 KN/mZ. However, the mmxrmum loeal
pressure, for which the sheeting has to be designed, 15 generally significantly
higher. It assessing the local pressure on the roof sheeting, a revised value of

-7 has 1o be obtamed from Table 33 noting that cladding s defined as ciass

A, hence §;=0.78 and the approprnate value of g =0.613(1.0x0.78x

1.0 % 45Y/1000=0.76 kN/m®. Attention is trawn to the larger value of C,.
which oecurs at the edge zones of roofs, as indicated in Table 87 ‘Therefore,
the meximum design pressure (in this ease, suction) acting on the roof
sheeting is

(Coe+Cot) g — (1.44-0.2)0.76 = —1.22 kN/m?.
Similarly for the side ciadding where 52=0.70 based on a height of 5m

itactual 6.65 m) and the local C, value is 1.0%, then the maximum pressure

sustained by the side sheating 15

(LO+0.2)0.61 =0.73 kN/m?.

e
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Fig. 1.5 External and
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cocfficients for
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These wind loads, based an pressure coefficients, are used when
determining the loads acting on a particular surface or part of the surface of a
building, i.e. they are applicable in the design of the lattice girder or columps,
However, m estimating the wind loads acting on the whole of the building,
the force coefficients have to he used; that s, the total wind ioad ea 2
building 1s calculated from:

F'meq A.

where Cris obtained from Table 10%? and A, is the effective Fontal area, This
means that when the wind is blowing perpendicudar to the longitudinal axis of
the building, then 5 =0.60 and ¢ = 0,45 kN/tn*, hence:

F'=1.0x045x(6.0x 6.65)=18.0kN per man frame
For tiie case of the wind blowing on the gables, then:

Ft=0.7x%0.59 x [37.0 (6.65+ 1.85/2)} =116 kN
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This force of 116 kN has to be distributed between the bracing systems {see
Sectien 12.B).

In addition to direct wind pressure, there can be frictional drag forces. For
rectangular ciad buildings, these drag forees need o be taken into account
cnly where the ratto of the dimension 1n the wind direchion () compared
with the dimension normal to the wind direction (b) 15 greater than 4. The
drag force can be determmed from**™

F'=Cp| troof surface) g+ (wall surface) g7 ]

Consider the wind blowing parallel to the longituding axis of the building;
then d/b=2.43 and dfhir=10.7, i.e. drag force must be taken into account.
Under this wind condition, the selected sheeting has ribs renmng across the
wind and therefore Cp= 0.04® and for the condition 4 < b, the code of
prai:m:em states that:

F' =Cpib(d—4hdg, +2Md —ah)ga}
0.04{37.0(90.0 —4 x 8.5)0.59 + 2 % 6.65(90.0 — 4 x 6.65)0.45}
=480 troofi+15.2 (walis) =642 kN

which has to be resisted by the braced bay(s) (see Section 12.8).

When the wind is deemed 19 blow in the lateral direction, then /b =04}
and dfh=4.40. As the nbs of the sheeting do not run across the wind
direction, then C-=0.01, and the drag force is determined from®™

Fl=Cplb(d —4h) g+ 2k (d ~ 4h) g3]
=0.0H%0.0(37.0 —4 x 8.5)0.59 +2 x 7.58(37.0 — 4 x 7.58)0.45]
= 1.6-+0.5= 2. TkN {= 0.2kN per main frame)

i

That 1s, when the wind is blowing n the longitudinal direction of a single-bay
building, the drap force can be significant, while the drag force per frame 1
the Iateral direction 15 comparatvely smali and is usually 1gnored.

DESIGN OF PURLINS AND SHEETING RAILS

One of the instial decistons that the engineer has 1o make is the spacing or
centres of the main frames. Though the paper on costs'? indicates that 7.5m
spacing would be more economie, it has been decided 10 use 6.0 m centres
owing to the practical consideration of door opemings. Also, if large bnck
panel walls are used in the side elevalions mstead of sheeting, it 1s advisable
m any case o limut the frame cenires to abowt 6.0 m or less io avoid having to
use thicker than standard cawity waill construction,

As indicated in Section 1.5, the imposed loading scting on a single-storey
structure 15 due to snow and wind, which s carmned inntially by the cladding and
1s {ransferred into the secondary members, purlins {raof) and side rails {(vertical
walls), These members, which are usually designed as double-span members,
transfer the umposed ioads pius thewr own self weight by flexural action on to the
mae frames as a senes of pomnt loads. Therefore, another decision to be made 15
the actual spacing of the purlins, which 1s dependent on the snow Joad and the
profile and thickness of the metal sheeting selected for the cladding.

It has been shown''Y that the spacing of purlins has little effect on the total

cost of purlins, though mmereased spacing would lead to an increase i cost of
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sheeting, Metal sheeting is generally used in long muiti-span lengths to
mmmize the number of iransverse joints. Sueh long lenpths can be easily
handled oa the roof {as purlins give support), bui not as side ciadding because
it is difficult to support verhezlly dunng erection, even with scaflolding. In
this example, the elient has specified the sheeting. Nevertheless, the
meximum length over which the shealing can span has o be estzblished. The
PMF sheetnyg profile Long Rib 1000R when used as roof cladding has to
suppart a snow load of >0.75 kN/m? and/or a locat wind suction of

w L 22 ¥N/?. Note that the high local wind pressures/sucrions apply only to
the design of the cladding. From the PMF catalogue®® and assuming that the
length of sheet runs over at least fwo spags, 1t can be shown that the selected
profile can sustain 1.65kN/m” over a span of abost 2.0 m, while complying
with the deflection fimuitation for roef sheening of L/200.

Taday, the design of the secondary members 1s domunated by cold formed
sectrons. Thouph there 1s 0 Brtish Standard covering the design of cold
formed members (BS 3950: Part 5"’),_the manufacturers tend to davelep new
profiles. based on the results of extensive testing. There are a number of
manufacturers of purlins and sheeting rails and therefore, 1n making a choice,
one needs to consult the varrous manufacturers’ catalogues.

The *design’ of cold formed members consists of looking up the relevant
table for the chosen range of secuons. The choice of a partieniar
manufacturer’s products 1s dependent on a clieat's or designer’s expenences
and preferences. Table 12.1 illustrates a tymcal purlin {oad table based on
snformation from s manufacturer's catalogue {Ward Mubtibeam™) for the
double-span cendition, The loads shown m the table are based on lateral
restramnt bewng provided 1o the top flange of the purlin by the sheeting. Also, 3t
should be noled that the loads quoted in Table 12.1 are for ultimate load
cendition, 1.e. factored, and that the self werght of the purlin has already been
deducted from the limiting values of foad piven in the table. y

Assume the overali distance between the outer faces of the cofumn members
15 37.6 m, which il divided into 24 equal portions would give purlin centres
about [.570m (on the slope). The gravity loading (dead plus snow} supported
by the purkins 1s 1.6 x 0.75+ t.4 % 0.097 = 134 kN/m®, while the maximum
uplifi on the purlins s 1.4 (0.097 — i.1$ x 0.59) = —0.81 kiN/m®. From Table
12.1(n), knowtng the purlin length of 6.0 m, purlin spacing of 1,370 m und the
gravity load 1o be supported by the purlin (1.34 kN/m?), the P145155 section
seems adequate. (Usually purlin spacing tends to be cost-effective m the range
1.8-2.0m). .

If the design load is Himuted to 1.34 kN/m? (factored), then the maximum
spacing for this particular profile would be:

_ ..l
™ span » max. applied load

where w.d.l — see third column of Table 12.Ha) (13.07kN)
span - purlin length, 1e. 6 m
applied lond — 1.34 &N/m?
13.07

R m— B v 1 4
T e w1 T Lheem
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Table 120 Double span factered loads (kN/m?) for selected Multibeam sections [ ie fat .
; ) s K 1 51 I 570 1 e H
{based on mformation given in Ward Building Componenis manun, see Reference §) tha s, the design spacing of 1.570m is jus wsﬂnn !h_ Gapacity of the purlin
_ section P145155, However, Table 12,1 shows that this 5echion 15 near is
Sou seeron oL = = P mn"‘”"" C;’:;:’ ‘“"“)Im T o deflection limit, 1.e. ot mnctuded for & 6.5 m span, Therefore, 1t might be
T TT4530 T KT 15 i I T35 T T T advisable to setect 2 deeper section, Le. use PI?S]dG profile, If a purlin *safe
P145145 1395 219 233 £59 174 155 1.48 127 L& load’ table does not state the deflection limit, check with the manufactyrer
P145153 15.55 ERG 259 2321 1.94 173 1.56 L4t L1 imi i
' plasize F7.83 157 297 2,55 2.2 158 178 162 149 that the limit of .:L/2{)() 15 not exceeded. .
ms:»m nas_sz 130 275 236 2.07 184 165 150 138 For the majonty of design cases, the design of the purlin section would
P175150 1855 n .09 265 132 206 186 .69 1.55 ite i
PIT5tE0 20.23 .08 117 259 by 225 202 e Lo now be complete. However, snder some wind condl}mn_s the resultant upiift
P175170 2247 449 175 1.2t 2.81 2,50 225 204 1.87 on the roof can produce a stress reversal in the purlin, thereby inducing
* ﬁffiﬁ? ;?;ﬁ :g: :2? :ln‘zg :2 n,go g'gs}; g';“ s compression in the outstand flange, e.g. in this exereise the uplift s
: : . . . LY ! 89 0.8 . . o -
P145155 1187 218 1.82 1.56 136 13 Loy 089 a_yf 0.81 kN/m® - As this flange is not laterally restrained by the cladding, then
;:;mg -]’;;'ﬁ i;}’ {;: ‘l'-gz ::g {i‘; ;‘:g ;‘-ﬂ: -0.99 some form of restrait to the flange may be necessary; check with the
- - . ; : 2 g 247 . B .
P175150 15.67 260 218 187 1.6 145 131 119 108 manufactirer regarding any special restraint requirement for wind uplift,
ﬁlgf}fﬁ :;.g;‘ ;f; i.g;l ggi :;g fAsa 142 129 119 Indeed, under high wind loading, the wind uplift-ne snow condition could
X . X . 75 157 143 13 - : ; . .
P175200 23.56 303 137 280 245 212 156 178 ! result in a more severe loading for the puriin than ﬂta@ due to pravity loading,
;igg;;z ;;l.gg gf_sl i.;;f ;.jjﬂi E.;g 1.58 1.42 129 As the metal cladding 15 normally fixed by self-tapping screws {designer's
! . ) . 1,76 1.59 I . }
P295165 W92 348 2.9 2.49 218 154 LM 158 choice) then the same lord—span table {Table 12.1a) can be used for suction
L‘fgi:g; gjg :;; ;15: ;;: i;g z:g 5-931 173 conditions, provided the anti-sag tie arrangements are adhered 1o [s=e next
2 . X . 23 21 1.93 P . i :
P205200 2728 455 1,79 335 284 243 227 207 paragraph). Note that if the seiccted cladding had been mel or nsbgstos
70 PIT5160 1471 210 178 1.50 131 117 105 095 sheeting fixed with hookbolts, then a mid-span restraint would have been
P175170 1630 .3 1.54 L.66 Ld6 £29 Li§ 106 0] ; iti ; i
75700 1940 377 Py e e e 110 e necessary'”, ,as t.hc wind uplift condition ex'cceds this pamc.ular.
PI85155 16.46 235 1.96 1.68 147 11 118 1.07 manufacturer’s limit of 50% of the permissible gravity joading, ie.
P20516 B.06 I
205165 180 158 215 LB4 82 143 129 LI7 — £010 EA i I
F205180 2044 m 243 209 1.83 142 id6 113 0.81/1.34 -—6? Y. Such Ixmxta.t:ons are dependent on individual
P2este 9 314 2.62 F27] 1.96 175 157 13 mantfacturer’s recommendations.
FI95208 2151 136 280 240 za La7 LG8 1.5 u i id- i I .
F215170 276 39 I g by ot Tes by Amti-sag ties at mid-span of the purlins spanning more than 6.1 m are
P235E50 26.57 160 16 n 237 211 1.90 173 recommended by the manufacturer, Such ties are required to preveat
iggjng e N . o ;3; - W s distorttons and misalignment of purlins during the fixing of sheeting or where
- ‘ i extreme axial loads exist. Under normal conditions, it would appear that sag
{#) Purlin load table (gravity Joading) bars are rot required in this example, as the purfin span 1s less than 6.1 m.
However, if any purlin forms part of the roof bracing system, then sag bars
uDL Rail Centres (mm) may become necessary,
Span Section kN 1000 tigo 1400 1600 is00 2000 2200 Coming now 1o the design of the side rails for the vertical walls, as snow
8 o ne 2 4 byt i e e s loading s not a design problem, the section isusually chosen independent of
#130150 12.80 2.56 213 133 160 142 128 Lis the purlin, The wind conditions for the sides/gnbles (Fig. 12.5) mdicate that a
RPN ny e = i e My e pressure of 1.4 x 1.0 x 0.59 kN/m® and a suction of —1.4 x 0.8 x 0,59 kN/m?
RI45150 14.67 293 2.45 28 e 163 147 L1 are the appropriatc design ioading, which acts perpendicular to the sheeting
RI45163 1664 :'33 27 f-’s 2.08 -85 L.66 L5t (aHowed implicitly by clzuse 4.12.4.4b; that 1s, it is assumed that the vertical
50 R145130 10,10 68 140 10 I 54 D84 3 - : ;
Ri45148 1126 188 156 134 117 Lot Bo4 g;; panel of sheeting (ccm.m.ctcd io the side rails) behaves as a deep gxr_dcr,_
lesssu 12.38 2.06 ;.;z 147 129 LS L.03 0.54 thereby imposing negiigible flexural action {dus to self weight) on the side
RI4SI65 13.87 231 93 .65 i4e ) : . : Al . ;
Ri75140 1428 218 Log ‘x‘.m Yag 13: ”g :_gé rails 1n the vertical plane. (Try bending a fiat sheet of paper in the piar_u: of the
RI75155 15_4; 2.74 228 1.56 17 152 1.37 125 paper). However, care must be taken during erection to reduce any distortion
RITSITO 18.5 309 .68 221 193 L1 155 141 . T . e
R205145 1781 250 742 207 Y L6l 145 L3z that can oceur in 51.de rails b_cfmc the ciadding is attached. The reduction of
R205155 19.10 3.18 265 2.17 159 1.77 1.59 145 such distortion 15 discussed in the next paragraph. To maximuze the strength
18 g:;ﬁsi‘;? :iiz é;; Hg :ig :_;_5, ??g ?:g g—gg of the side rails, they are piaced normal to the sheeting and column members.
R175170 1604 129 151 164 143 127 L5 Eod Wind load permmitting, the side rails can be spaced further apart. In this
ggz:;‘g :ég gg’ }g;’ :—E; H: :;‘2’ :-?g ?g: example, onc could use the same purlin size (P173140). However, the
R205170 18.69 267 n 19t 167 L8 Y 121 manufacturer of the Multibeam system produces spectal seetions for cladding

rails and teference to therr catalogue'® would indicate that the section size

() Cladding mil load table (pressure toading) R145130 is suitable for the same reasons given it selecting the puslin profile.

1A W VISIUIN S PUTCEH I
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12.5.1

116

There 15 also the possibility of having to restram Iaterally the celumn
member, which maght ceause the maximum spactsg of some rails to be
reduced.

The maxmmum factored wind suction {~1.4 x 0.8 x 0,39 = ~0.66 kKN/m®)
acting on the sheeting would cause compression m the outstand flange,
therefore mid-span restramts may become necessary. In using the cladding
seciion {Ri45130), the manufacturer limits suction loading to 80% of the
ailowable wind pressure load. By coineidence, the suction coefficient is 0.8
and therefore the same section selected to withstand the wand pressure can be
used. ‘

It 15 essential duning erection that any distoriton, which can oceur in side
rails before the cladding 15 attached, 15 munsmuzed. This can be achieved by
employing the "single strut* system (for use up te 6.1 m frame centres), as
recommended by the manufacturers™; that is, any distortton and levetling 1s
controlied by adjusting the diagonal ties before the placement of the sheeting
¢see Fig. 12.1). The inherent benefit of the single strut system s the mid-span
restrami it provides.

In practice, the jomnts of the double-spanmng purliasirails are staggered
across each frame, thereby ensunng that each intermediste man finme
receives approximaiely the same total purlin loading; that 1s, the Jarger
ceniral reactions ansing from the continuty are applied to altemative frames.
The self weight of selected purlin section (P175140) 15 0.035kN/m.

The purlins/sheeting rails are attached to the primary structural members
by means of cleats, bolted or welded fo the man members. As an mtegral part
of the Multibeam system, the manufacturer supplies speciai cleats. I a
manufacturer does not supply cleats, then they have to be designed (see
Chapter 4). Nevertheiess, 1t 1s essential that any standard hole arrangements
stipulated by the manufacturer are complied with. Otherwise, extra cost could
be incurred for a non-standard arrangement.

Summary of secondary member design

Purlin size: - Ward Muitibeam ~ P175140

Actual spacing of purlins {on siope) =£.570 m
Actual spacing of purlins {on plan) =1.562 m

Side rail size: Ward Muitibeam — R145130

Actual spacing of side mails: see Section 12.7

DESIGN OF LATTICE GIRDER

Taking the overall dimensiens for the main frame as defined in Section 12.3,
a good structural arrangement for the “web’ members 15 1o make the
snchinatton of these diagonals in the region of 45°-607 to the honzontal. By
dividing the top chord member, over half the span, nto five equai panel
widths, then the diagonals mn the end panel are at 45°, while those at the mid-
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Fig. 12.6 Member
numbering for
lattice girder

¥
185 m

span are at 65 (see Fig. 12.6). This means that the purlin positions along the
1ap cord do not comeide with the member intersecting pornts (connections)
of the frame panels. Therefore, 1 addition to the primary axial forces, the top
chord member has to be designed to resist the beading action induced by the
purlin loads.

In spite of the fact that the top and bottom chords wilt in prachiee be
continuous members, a safe assumption 18 to analyse the latuce girder
witiafly as & pin-jointed frame, thereby allowing the primary axial forces m
the vanous members to be evaluated readily; that s, the flexural action 1 the
top chord caused by the purlin loads can be ignored for the purpose of
caleulating the primary axal forees. Indeed, clause 4.10 permuts such a
procedure,

E.ancquently, any purlin load aeeds to be redistributed so that 1t 15 applied
ag{: at the panel points. This is simply done by dividing the total joad acting
@ he girder by the number of panels m the 1op ehord, 1.e. as there are [0

Zecis, then the panel load is the total load/10, Note that the two outermost
ﬁ 2l nades carry just over half the load, as they support only half 2 panel
!"%h of roof, plus any sheeting overlap. It can be shown that this apparent
p%sribuuun of joad does not matenally affect the magnitudes of the axial

urces m the members, There is an smplied assumption that the self weight of
the girder 55 uniformly distributed throughout the frame. This approximation
would have a negligible effect on the ouicome of the design of a girder of this
size,

Having decided the geometry of the girder and the different patterns of
loading required, the next stage 1s to caleulate the unfaciored loads acting on
the gieder; see Table 12.2. The noted wind loads {w,.) are based on a wind
coefficient of —1.0; wind loads for other wind coefficients are obtuned by
multiplying the noted values by the appropriate coefficient. Total self weight
of the girder 15 estimated, based on the previously suggested figure of 15% of
the total dead load; that 1s, the dead load, excluding self weight, 15

0.1+704-1665 =1036kN,

then the estimated self weight 1s
193,6 % 15/(100—15) =342 kN, 1e. 0.92 kN/m.

Consideration of the vanious lead combinations (Section 2.7f)
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12.6.1

Tabie 12:2 Unfactored loads (kM) on laitice girder

Toiul Panel  Purlin
Iond foad foad

Deal load {w,)
sheeting and 009 x6.0x37.18
nsulation
patling 26 x 0.035 x 6.8
self weight 0.92 (est) x 37.0

Snow load (w)  0.75%60x370
Wind load {1,,)) 0.5% x6.0x 37.18

[}

2L.6 2.i6 0.812 {on pian)
5.3 .55 (.232 {on plag)
34.0 340 1.435 ton plan)
166.5 16.65  6.966 (on plan)
1316 E3.i6 5557 {on s[npt:)

o

H]

wndicates that there are only two load conditions for whick the girder needs 1o
be designed, Le,

e maximum gravity loading: 1.4 wy+ 1.6 1w
o maamum uplift loading: 1O wy4-1.4 w,

As wind loading on the girder always produces an uplift condition for this
example, then the load combination L2wy+ 12w+ ) 2w, will produce
conditions between the combinations A and B (see Fig. 12.5) and therefore
need not be considered for the design of the girder.

Forces in members

Knowing the *panel’ loads, an elastic analysis of the girder can now easily be
undertzken mannally, by resolving forces at a joint or by other well-known
methods™, Note that gravity loading (dead-+ snow) scts m the vertical
direction, while the wind loading ncts perpendicuinr to the mclined roof
members,

AMlernativety, the primary axial forces m the members ean be determined
by a computer analysis, However, the kind of analysis program to which the
designer may have sccess can vary, and the following observations might
prove helpfil:

s Always mmimize the maximum difference between adjacent node
numbers, e.g. m Fig. 12.7 the maximum difference is 2. By this
simple tule, computing costs are kept to a mnimum.

o IF the anafysis program ié capable of handling pin-jointed
structures, then the axial forces can be evaluated by making the
assumption that all members have equal areas. Though this
assumption 15 not correct {as will be demonstrated clearly by the
fimal member sizes for the girder) it has wo effect on the magniiudes
of the primary axial forces, The assumption only affects the laltice
pirder deflections.

e  However, if the onily program available is a rigid frame analysis
package, then check the program specification ta see whether or not
it has a facility for handling pin-ended members:
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Fig. 12.7 Node nurobedng

for Jattice girder

— I it has this facility, then make alf the diagonals pinned at both
ends; make ftop and bottom chords continuous, except for the
ends (adjacent to the verticals) which should be pinned (see
Fig. 12.7). Do not also make the end verticals pin-ended, as this
produces numencal instability, Make the chords relatively stiT
by putting the second moment of area (inertia) for the chords
equal lo, say, 100cm®, This will ensure that any moments
gererated in these memibers are nominal. Such nomina)
motments are induced owing to the small relanve movements of

“the panel nodes. (A similar effect would oceur with slight
setiicment of the supports for a contintous beam). Agamn make
all members have equal arca.

— If the ngid frame analysis progeam does not have this facility,
then make the second morment of area of the web members very
small, say 0.01 cm®, and make all members have equal area, An
analysis will result in the same numerical values obtained from
other analyses. This simple *device’ of using virtually zero
mertia, in fact, prevents the web members from attraciing
moment, thereby producing effectuvely a pin-cnded condition
for the members so designated; that is, althougn the top chord is
continuous, the loads are being applied only at the nodes (panet
points) and because the connected web members are made to
act ag pir-ended, then only nommal moments can be mnduced
inte the top chord, The chord behaves essentially as a senes of
pin-ended members between panel points,

Owang to the symmetry of the components of vertical loading (dead and
snow} on the girder, the girder need only be analysed for panel loads
equivalent to the condition 1.0 wy == 2,16 +0.55 + 3.40 = 6.1FkN). The
resulting member forces can then be proportioned io give the approprate
forces due to 1.4 w, (8.554 kN) and 1.6 w, (26.64 kN), However, separate
analyses are requircd for wind loading owing to the non-synumetneal nature
of this type of loading.

The resuits from the different elastic anaiyses are shown 1o Figs. 12.8(a)
(dead load), 12.8(b) {wind on side} and 12.8(c) (wind on end), The axal
forces 1 each member, duly factored, are summarized in Table 12.3, Though
the analysis for wind on the sides 1s executed for wind blowing from left to
night; 1t should be bome in mind that the wind can blow in the reverse
direction, 1.e. nght to left. Therefore, if wind aifects the design {as in this
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_45B _g0.2z -85 6.4 815 -802  -B9B
la} Dead load
TEO395 750
TRVENN 780 150
15,14 1 _ f i . 780
e b iese | w4 L o199 | iy | f | 345
| ]
px ) 2 )
5 o & 5
+38  +103.1 1674 +1618  +1461  +1456F <1384 +1B8  +754 O
i Wind on sida walls
13.17 654 654 13.17 B
13.17 13’” ; 1347 13.17
6.54 3 s | =58 L <150 | gy 654
& | -1661 861 | _y395 f
}[ 552 b -1295 - ~55.2
- o
7 <

+88.7

Lattice grder,
— unfaciored
member loads

(%N)

+173.4 +172. +150.1 +99.7 1}

M

+373.4 +163.8
te} Wind on end wails

+172.2

case), members must be designed for the werst condition, srespective of
wind case, t.e. only the worse load from either Fig. 12.8b or Fig. 12.8c is
recorded in Table 12.3.

The various members making up the Warren truss have been grouped, so
that a common member stze for any individual group of members can readily
be determned.

Having esiablished the individual factored forces, the design loads for
each member {resulting from the two load combinations bemng considered)
can be oblamed; see columns (A) and (B) o Table 12.3.

An assessment must now be made of the flexural action in the top chord
caused by the purlin Ioading being applied between pane! jomnts. By taking
account of the fact that the tap chord in the half-span will be fabncated
contmuous, then the bending moments m the top chord can be assessed either
mangally by the moment distribution method or by & contmucus beam
eomputer program. This 15 achieved by assusming that the continuous member
15 “supported” al panel points. Allematively, the top chord or even the whole
truss can be reanalysed with 1 ngid frame computer program, with additionsl
nodes being introduced at the loaded purlin positions, if a facility for
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Flg. 12.9 Positioning of
putlins niong top
chord member

Table 12,2 Member forces for gravity and wind toads (kN m)

Members 10w,  T.dwy Lt Ly (233 (13H{4)
{1} [¥3 {3) 4} {A) (B)
Top 1,10 4251 < 352 41095 - 173 4T - 521
chard 29 +59.0 4+ 827 2574 1813 43400 -122.2
38 +7157 410608 3302 2325 44362 —1568
4,7 +8L3 1138 435K 2496 44681 1683
5.6 +79.2  +1I09 43452 —~2455 44568 1663
Bottom 1121 1 X1] 0.8 0.0 5.1 0.0 +5.1
chord 12,20 —-458 - 64.2 1998 ldd4 2640 +9R6
13,12 —6%8 — 918 3044 43102 4023 3404
14,18 ~80.2 1123 3496 42411 -4619 --I609
15,17 —8l.5 ~1H.1  —=3553 42427 —469.3 +161.2
16 =764 —1069 —333.0 43294 —4399 +I530
Web 22,43 +30.6 4 428 #1333 - 926 +1765 - 62.0
compression 24,41 +32.5 + 456 +i419 - 992 1875 - 66.5
26,39 4191 + 267 -+ B3I - 561 +109.8 - 170
28,37 4+ 81 + 128 + B - N0 -+ 526 -~ 170
30,.35 + 12 + L7 4+ 54 4+ 69 + 7.1 4+ B}
3134 + 55 4+ 77 4241 - 234 <+ IEE - 119
Web A2 ~35.3 — 495 1541 1076 2036 -+ 723
tension 25,40 -3 -~ 283 - 880 - 594 1163 -+ 392
27,38 -85 - 133 — 415 4 2835 - 548 4+ 150
29,36 -13 - 1B - 55 - 907 - 73 - 110
32,33 - 54 — T6 =235 4 239 - 313 4 185

accepling point loads within a member length 15 not available. See Fig. 12.9
for positions of purlins relative to panel jomts along the top half-chord
member.

The self-weight of the top chord can be ignored in the determination of the
sending moments along the chord as it will have nunimal effzct on the
moments for this size of frame. Also, for the analysis it 15 nssumed that the
ends of the half-chord are pm-ended, which agan is a safe assumption, as it
could be argued that though the ‘apex’ end is continuous with the other half
chord, there remains the possibility of a site connection at the apex, Therefore
the end might not achieve full contimusty, depending on fubnication details.

Alternatively, the two separate computer operations {for the prnimary axiat
forces and for the moments 1 the top chord) could be combined to run as one
toading condition, 1.¢. purlin loads bewng applied at correct positions, with the
top and bostom chords made confinuons and all web members pin-jointed.

=17270m

T s
1@ 1562=12182m

18.500 m
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Fig. 12.10 Bending moments
and axial load in
lop chord member

12.6.2

577 775 4.85 .14

{a) Nt bending moments (kN m}

147
J40.1 4352

{b} Axtal foads kN}

M ?
B ' &

468.1 456.1

148.8

346 0

148,

~
(=
m

31§ B 5
fc) Axiai foads [kN)

4.5

3431
4724
4703
468 5
460 5
458 §

Where the exact positions of the purlin loads relntive to panel powts are
not known, clause 4.10 allows the Joea] bending moment to be taken as egusl
to IVL/6. Fig. 12.10(a) shows the bending moment diagram for the half-chord
#s a result of the analysis for gravity loading, together with a diagram
indicating the variation of primary axial load {based .on panel load analysis)
w each member (panel) fengsh of the top chord (Fig. 12.10b). On the other
hand, when a computer anilys:s 15 undertaken for the case where vertical
loads are applied at the purfin positions, then there will be miner variatens
along a member length, comcident with puslin pasitions —see Fig, 12,10
This is dur to the small component of cach vertical load paraliel to the rgof
slope, Clearly, with wind loading, which acts normal to the slope, there is no
variation of axial force within s member tength, when applied at parlin
positions.

Member sizes

One of the decisions which will affect the design of some members is the
actval construction of the girder, It hag already been noted {Section i2.3) that
an economic form for lathice girders is to weld the dizgonal members {angles)
to the chord members (T-sections), This eliminates Busset plates, apart
possibly for site bolied jotnts, which are needed to assist transportation of
what might have been 2 long girder. Assuming that the girder will be
delivered in two sections, then site connections near joints 11, 12 and 13 {see
Fig. 12.7) will be necessary.

Having analysed the girder and determmed the member forces, the next
step in the design process is to select suitable member sizes for the various
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12.6.2.1

BS table 7

BS table 7

members. The properiies of the section sizes chosen ars obtamned Fom the
refevant tables in the SCI guide®™ and the steei to be used is grade 43 steei,
with p, =275 Nfmm?, Basically, the design of the lattice giwrdder reduecs to the
individual desygn of member elements, and follows the prineipies outlined in
Part 1.

TOP CHORD MEMBER

With reference to Table 12.3 and Fig. 12.6, Tabie 12.4 summarnzes the forces
acting on the various parts of the top chord (based on 2 manuat analysis),
owing io the design conditions {A) and (B). Later, the slignt variations in
axial forces ansing from a computer analysss will be discussed in the light of
the design objectives. Ouly the worst load condition from destgn case (B) has
been tabulated, t.e. for members 1 and 10, the force ~52.2 kN will povem the
design, not —31.1 kN {see Table 12.3), and similarly for the moments.

Table 12.4 Forces n fop chord for both design conditions

Meuntbers Axial load (WN) Moment (kNns)

{A) (B} (A} 8)
116 +144.7 - 522 —14.17 +6.04
2.9 -+3490.1 —1223 -14,17 +6.14
3.8 +436.2 ~156.8 —10.69 -+4.63
47 -+468.1 —168.3 - §3.94 +6.04
56 +4356.% ~166.3 ~13.94 +6.04

As the top chord is to be fabreated in one length, 1.e. continuous, then the
most critical portton of that length 1s member 4 or 7, which has an axfa}
compression of 468.1 kN and a beading moment of 13.94 kNm for the design
case {A). The member is primarily a strut and the dessgn will be based on
that fact, i.e. design for load cose (A) and check for ease {B). The design
procedure is essentially 2 triai and error method, ie. o section 1s seiected snd
then its adequacy checked against vamous design criteria. If the section size is
inadequate or too large, then a different size is chosen.

Try 191 %229 x 41 Tee {cut from 457 x 19] x B2 UB).

(a) Classification This check has to be done from first principles as
T-sections are not classified in the SCI guide™ The worst design conditions
for the top chord oceur at a panel point, t.e. the stemn of the T-section is in
compresston for the design case (A). This means that the special limitations,
noled in BS table 7, for stems of T-sections, apply.

g= \/275/275 = 1.0

?: 1921 3 x Tﬁl_{) = 6.0 < 8.0c plastic
5[ = 23—01. =212 > 19¢ slender
i 9.9

ZA IO WITT L _VISIUJIN S PUTCUTTIRTE
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clause 4.8.3.2a

clanse 4.2.5

clause 4.8.3.3.1

1e. the T-section is slender and is govemed by clause 3.6. Refermnng to

clause 3.6.4 in particutar, then the design strength (p,) has 10 be modified by

the strength reduction factor given in BS iable §, for stems of T-sections:
44

f{ _ ¢ 232-3

te

Factor = =0.77

Hence, reduced design strength for the seciion 15 0.77 x 275 = 212 N/mm?®.
This reduced value of p, (p',) has to be used for the T-section whenever the
stem is n compression. However, the code deems that such a reduction 1s not
necessary when designing connections associated with the stem.

{b) Local capacity check The desmign criterion to be satisfied is:

F. M,
— < 1.
L=t

Ag = 52.3cm?
My = pLZ = 0.212 x 142 = 30.10kNm

468.1 « 10 13.94

e L n  0.422 4 0.463 = 0.885 < 1.0
573 % 212 30,10 +0.463 = 0.88

Section OK

(¢} Meniber buckling check
F ;

F. mM, <10
Agﬂc ﬂ‘!r;,

This 15 the simplified approach; one reaily has no choice as a more exact
solution casnoi be considered owing to the reduced plastic moment of a T-
section not being readily available.

In erder to denve p, and Af,, the slendemess of the chord member about
the major and manor axes has 1o be evaluated. In assessing the effective
lengths n these directions, 1.e. n-plane (x— mas) and out-of-plane {(p—y was),
it should be understood that the top chord will attempt to buckle i piane
between the panel connections and out of plane between purlin positioas, as
shown in Fig, 12.1}, This powmnt ts remforeed by clause 4.10. This clause
further states that for the purpose of calculaung the effective lengths of
members, the fixity of connections and the rigidity of adjacent members may
be taken mto account.

For m-plane buckiing it can be seen from Fig, 12.1a that the web members
effectsvely hold each panel length of the 1op chord in position at the
conneetions and supply substantial end restraint fo these lenpths. Therefore
the effective length m the x—x direction can conservatively be assumed to be
0.85 x panel length {on slope) (BS table 24). Qut-of-plane, the buckling mode
(Fig. 12.11b) is such that the member behaves as though 1t 15 pin-ended
between purlin positions which hold the chord effecuvely at those points, L.
effective lenpth 15 1.0 x distance between purlins (on skope).

DESIGN OF SINGLE-STOREY BUILDING - LATTICE GIADER AND COLUMN CONSTRUCTION 183

Fip. 12.11 Bockling modes
of top chord
member

clawse 4.3.7.5

{b} Qui-ot-plane buckling ot chord

Lec 083 x 3718

re 68.9 = 46
Lg, 1.0 x 1570

s T e I3
ry 42.3 3

These values of slendemness comply with clavse 4.7.2 2a, which states that for
members resisting loads other than wind loads, therr slendemess should not
exceed 180.

According te clause 4,7.6, the compressive strength p, depends on the
larger of the two slendemess vaiues, Le. 46, the reduced design strength of
212 N/mm? and the relevent siru table. In the strut sefection table (BS fable
25) it states that for T-sections, table 27(c) has to be used, wrespechve of the
axis about which buckling occurs. Referming to table 27{c) reveals that the
lowest design strength tabulated is 225 Nfmm®. One can either extrapolate
down 1o a value of 212 N/mm? in order to obtain p. or altemanvely p, may be
calculated from the formudae given in appendix C.

by extrapolation  p.=180 N/mm®
by appendix C  p.= 179.8 N/mm?

Note that the value of £used in the formnulae has the umits N/mm®, not
kMN/mm? as defined in section 3.1.2 of the code. Next p,, has to be evaluated,
 order (o define M,

<

Now App==ruvd.

In evaluanng n, 1t must be recognized that the member 15 loaded within its
unrestrarned leagth between adjacent restramts {purlins) as indicated i Fig.
12.12. Alse, the load does not have a destabilizing effect on the member. BS
table 13 states that under these ¢onditions the vaiue of 5 can be derived from
BS wble 15 or 16. }t can be shown by reference to Fig. 12.12 that the load
does not lie within the middie fifih of the member andg therefore table 15 does
not apply. The problem with tabie 16 is that the diagram associated with 1t
indicates 3 moment distribution, representative of a uniformly distributed
load, whereas the case being considered is *peaky’ Guidance might be
obtamed from BS tabie 20, though there 15 no direct reference 1o it ia clause
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Fig. 12,12 Lucal bending

muoment
distribution
near node 0

BS table 13
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4.3.7.5. The design case lies approximately haif-way betwesn that for a lpad
at mid-span and that at the querter point, Therefore, taking a menn of 0.86
and (.94 {see table 2{)) as the vaiug of n, then:

n =0.90
m =100

From the SCI guide {10} the following values have been obiained:

u ={.584
x =155
Ax =37/155=2.139

Note that 2 is defined in clause 4.3.7.5 as the minor axis slenderness, ve, 37,
With reference to BS table 14, 1t eae be seen that, beeause the stem of the T-

Sectton 15 in compression for the critica) part of the length of member being
considered, then N =0.0; hence the interpolation:

v =276

Nole that n this region of table 14 it is recommended that the value of v
should be evaluated from appendix B2.5, In this example, the difference
between the two values is not significant,

Arr=10.90 x 0.584 x 2.76 x 37.1 8=34
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clause 4.8.3.2a

12622

From BS table 11, by extrapolation down to 7,=212 N/mm? {or by using BS
appendix B):

Py = 185 N/mm"
My =prx
= 0.185 % 251 == 46,44 ¥Nm

468.1 x 10 1.0% 13.94

e L 0T 6407 4 0.300 = 0.797 < 1.0
23% 180 4644 +0.300 = 0.797 <

Section 13 OK for lateral torsional buckling.

Now, if the more accurate value of axial load (472.4 kN), obtamed from a
computer anaiysis {sec Fip. 12,10c), 15 used then the axiai load ralio would
marginatly inerease from 0.497 1o 0.502; that is, the small differences in axial
forces between different enslyses are not significant and can be 1gnored.

{d) Reverse load condition As a resut of the wind suction on the girder, the
design case (B) ceuses the top chord to act a5 a tie, .. 168.3 kN tension
and a moment of ~6.04 kNm which produces compeession in the table of
T-section,
F M
.+.
Apy Mo

As the conneetions are welded al the panel punt at which worst design forces
aceur, then 4, =4, Also, because the stem of the T-section 15 not in
compression, then the design strength is 275 kN/m®, hence:

Moy = p,Z «= 0275 x 142 = 39.05kNm

168.3 = 10 6.04

523 =275 3905
This means that the member is more than adequate (0 tope with the tension
ansing from reversal of load conditions.

= 011740155 =0272 < 1.0

Use 191 %229 %41 Tee

Clearly, when the pnmary mode of 2 member is a5 a strut, then those foading
conditions that produced the compression govern the design.

BOTTOM CHORD MEMBER

Comung to the design of the botiom chord member, 1t can be seen that its
primary function is a tie, with reversal of stress producing compression. One
finds that 1 sprte of the primary tension being significantly larger than the
compressior, the fatter will probably govern. Even more so with 2 member
like the botiom chord, where seemingly there arc no seeondary members to
hotd the chord at intervals along its length (37 m), which could result in an
extremely large slenderness. However, clause 4.7.3.2¢ states that any member
rormaily acling as a tie, but subject to. reversai of stress resulting from the
action of wind, is allowed to have a stendemess up 10 350. Nevertheless, n
order to comply with this requirement, the bottom chord would need a
substantial member size and thercfore would prove uncconomis.

MO W LV SR S O
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This apparent problem can be overcome by the use of longimdinal ties,
which run the full lcngeh of the building to & braced point and hold the bottom
chord at selected posstions. In this exercise, assume jongitudinal ties oeour
at connections & and 15, 1e. the length 1s divided roughly into thirds (see
Fig. 12.7). This means that the unrestrained lengths m the y—p direction are
12.95 m for the outer lengths {nodes §~9 and 15-23) and 11.10m for the
middle fength {nodes 9-15). In the x—x direction, the member will buckle m.
plane between panel points (3.70 m), similar to the top chord. The
longtudinal ties are designed in Section 12.8.3.4,

The boftom chord sustains only axial load under either design case (A) or
{B}. From Table 12.3, the maximum design forces in the outer lengths are
461.9 kN {tension) and 160.9 kN {compression) and for the middle length
4653 kN and 161.2kN, respectively. Though the owter lengihs have slightly
smatler loads than that of the middle iength, theur length s longer, pving a
larger slenderness and hence a lower compressive strengih. Therefore, design
for compression in the outer lengths and if satisfactory, check the design size
agamst the conditions that prevail for the middle length.

Guter length of bottom chord In choosing the section for the bottem chord at
this stage, 1t should be bome in mund that the end lattice girders form pant of

the braced bays (Section 12.8.3.2) and therefore attract additiona] loading. BS table 27¢
Try 254 x127x37 Tee (eut from 254 x 254 x 73 URB).

{a) Classification

b 2540 1

— — 0 < .

7 5 x T2 9.0 <95 compact

d 1270 . -

? = Té— = 14.8 € 19.3¢  semp-compuct

The T-section 15 semi-compact and therefore the design strength

P, =275 N/mm®. clause 3.3.2

(B) Check compression resistance Assume the connections to the ¢olumns at
nodes | and 23 give some restraint 11 the y-v direction to one of the ends of
each outer lengih, 1e. moke Lg,==0.95L, hence:

Ly, 0.95x 12950

?‘y —T = 190(350
Lee  D.85x3700
W T30 O
As the seccnon selected 1s a T-section, use BS table 27(c), from which:
pe =46 N/mm?*
Ay =46.4 cm®
P :Aspr__

=464 x d6/10 =213 4 kN > F_ {=160.9 kN}

{c) Check tension capacity Now check the selected member section for the
prarpary function as 2 te carrying 461.9 kN. As there are no site splices mn this

tength, then:

A, =4,
P, =, P,
=464 % 275/10=1276 kN > F, (461.9kN)

Seetion OK

Clearly, the smaller compression force dominates the design of the botiom
chord, the primary function of which s 85 a te.

Middlz length of bottem chord Use the same seclion for the middle length of
battom chord as for the cuter tengths, Le. 254 x 127 x 37 Tee. The design
ioads have been noted as 469.3 kN (tension) and £61.2 kN (compression).

fa) Check compression resistance From the previous check on the
compression resistance, it 1s clear that oaly the siendemess about v—v axis
needs to be examined, as the vakne of the x—x slendemess will be jower.

Ly (1011100 .
Ty 64.4
e = 54 N/mm?

P. = 46.6 x 54/10 = 250.6 kN = F.(161.2kN)

(b) Check tension capacity As site splices pccur in this portion of the bottom
chord, 1t s anticipated that the T-section 15 connected through both its tuble
{flange) and stemn (see Fig. 12.26b). BS clause 4.6.3.3 indicates thal the
derivation of the net area of a T-section connected in this manner 15 governed
by clause 3.3.2, 1.8

Apey =469 — (2 %24 % 8.64+2x 24 % 14.2)10"% =35 5em’

However, clause 3.3.3 states that the effective area «, of each element ot a
connechion where fastener holes oceur, misy be taken as X, tmes is nef area,
but no more than s gross ares. K, for grade 43 steel 15 1.2, therefore:

Ay =124 et
=1.2x33.5 < Ay (46.4cm?)
=42.6cm”
P, =42.6x275/10=1172 kN > F, {469.3 k)

Section OK
tise 254 x127x37 Tee

If the T-section had been bolted anky through sts flange, then clause 4.6.3
would apply. As that particular clause defines the effective area of a
T-section, then the modificanon ailowed by ciause 3.3.3 cannot be used. An
alternative approach for the battom chord is to use a lighter sechion, bt this
would require additional loagitudinal tres, which would produce a less
pleasing appearance and probably cost more overall.
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12.623 E VWEB MEMBERS

The diagonal members are to be fabricated from angie sections, From
practical considerations the mimimum size of angie used should be

50 x50 6. These diagonais will be welded direct to the stemn of the
T-sections formmng the top and botiom chards (see Fig. 12.21), Though the
nomunal iengthis of members mange from 2.89m 1o 4.14 m, there ts a greater
vartation 1 the axai forces (Table 12.5) and therefore the diagonals will pe
designed according to the magnitude of the member load, Table 12.5
surnmarizes the various axial forces in the diagonal members. The memberg
carrying the heaviest compressive force will be destgned first, followed by
the other members in descending order of loading, untif the minmum
practical size 15 reached.

DIAGOMAL MEMBERS 24, 41

Table 12,5 Axinl forees in the diagonal members {kN)

Members  Length  Load cse Members Length  Load case
——
{m) {A) {B) tm) (A) )
23,42 2,62 —203.6 4723  24.4) 2.59 +187.5  —g65
25,40 2.89 —H863 4392 2639 3.18 +i09.8 370
27,38 118 -~ 5348 4196 2837 349 + 526 —i71%
29,36 3.49 -~ 73 -118 3835 3.81 + LE 481
3233 4.14 —3LI 4§85 31,34 18t + 318 -1y

These particular members have to sustain an exial compression of 187.5 kN
or a tenston of 66.5kN. Because the members are discontinuous, then an
equal angle 15 preferred as o i5 structurally more efficient (weight for welght)
than an unequal angle and therefore more cconome, Using the SCI guide!'”
refer to p.101, which gives a table (for members welded at ends) listing the
compression resistance of equal angle struts for different nominal lengths.
Given the nominal length is 2.89 m, the table indicates thata 100 x 100 x 12
angle can support 192 kN over a nomtnal length of 3.0 m. This section size is
selected, because it provides sufficient compression resistance for least
weight, Le. compare areas of other sections. Although a check on the
adequacy of the 100 x 100 x 12 angle 15 not pecessary, one is now undertaken
to illustrate the validity of the values given in the SCI guide.

fa) Check compression resisiance Since the strut 15 connected directly to
another member by welding, then for single angle members {clause 4.7.10.2)
the slenderness A should not be less than-

0.85Lir,, or 0.7L/ir,+30

where r,, and r,, are defined in BS table 28 for discontinuous angle struts
{see also Fig. 6.5).

_ 0.B5 x 2890 0.70 x 28%0

+30=127 or 97

19.4 or 0.2
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As with the T-section, BS table 27¢ must be used for rolled angie sections,
irrespective of the buckling aws. Therefore, knowmng that A=127 and
Pr=2T5 N/mm?, p, is evalunted ns 89 N/n®, henee:

Pe=227x8910=202.0kN > F_ (187.5kN)

However, the strut tables for equal angles, given in the SCI guide!"® can be
used directly and by interpolation of the tabuiated values a very pood
estimate of compression resistance can be obtained. Thus, referring to

i (10,
p. 1014

{2.89 ~ 2.50)(252 ~ 197)

Po= lest) = 262 = =— 2.50)

= 205.2kN

Such interpolation gives a slight overestimate of the value of P.. Therefore, if
the interpolated value of £, is within 7-3% of Fe, one might have o resort to
first panciples, using BS 5950.

{b) Check tension eapacity Now check the tension capacity of the selected
member, With reference to clause 4.6.3.1, the effective arcs of o single angie
15 given hy:
daymy
Ap =gy 4 o———
i ! 3a) —a;

where a; 15 the net area of connected leg
a3 15 the gross ares of unconnected ieg

As one leg of the angle section is connected by welds to the chords, then there
are 1o holes to be deducted in the connected lep, 1.8.:

a = (b—»é)t: {100 — 6)12 = 11.28 om?

a4y =gy = 1] 28em?

which means for this special case for equal angles then:

Ae=LT5my= 175 % 11.28=19.7d cm?
Pr=19.74 x275/10 =543 kN > F, (66.5 kN)

Section QK

This is the identical value for £, for a 100 x 100 % [2 angie noted in the SCI
guide; see table for tension capacity of equai angle ties connecled with one
leg given on p. 1110®

Use 100> 100 % 12 angle

The rest of the dingonals have becn proportioned direct from the guidet?
and the relcvant design details and member sizes are summarized in

Table 12.6. Note that the end vertical members are in fact the upper porlions
of the colurae members, as can be seen from Fig. 12,13,
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Tabie 12,6 Deswgn details of dingonat members

Members

Length
fm}

Design toads

Allpwsble

Compression

(&N)

Tension  DMax,

(kM) A

Angle size Compression  Tension  Actual

() L3 3

2441
26,39
2342
28.37
2540
31,34
12,12
21,38
30,33
29,36

2.89
118
2.62
3.49
2.89
3.8t
4.14
318
3.8
349

187.5
109.8
2.2
51.6
352
318
18.5
19.0
7.1%

£6.5 180
376 180
203.6 50
17.9 180
1163 350
179 i80
31 350
54.8 350
e £80
1.0 _—

110x 112
100x 100 xB
90% 90xE
98x 90x6
90 90x6*
9% Yixb
90x 90x6*

205.2 543 127
1183 370 138
£5.0 251 125
553 251 167
736 251 138
53.0 251 182!
418 251 158
90x 90xE 54.0 251 152
90% 90x6 53.0 251 152!
90x Hixb e 251 —_

12.6.3

12.6.4

! The sleademess of 182 just exceeds the fimitation of 180, It can be argued, owing to prectical considerstions,
hat the 1 lengih (di between ions} woulid be reduced by ai [east 10mm at eazh end of
the member, which would mesudt in £ < 180,

1A TOxToxR angiz seetion would aeffice for this membsr, bug & 90 x 90 = & sectian has the same sma. The
fatter hes been selecied inoan attempt 1o standardize oo section sizes whersver possible 2s this leads
ecanomy. The benefit 15 that the larger angle has improved properties.

’Thuugh an BO x B0 x 6 could have been wmsed, a 982 90 x § has been prefemed in order i standardize

*The 7.1 &N load as noed is for the design case (A) and i1 less than the 8.1 kN load for case {B); tee TFable
£2.3. However, the slendemess limstation of 160 fof case {A) a3 opposed W 358 fot {B) will contral the denge
of the member.

Additional design checks

When a laftice girder forms part of a braced bay {see Section 12.8), then 1t has
o sustaimn additional bracing forces. After the relevant forces have been
determined {Section 12.8.2), the top and bottom chords have to be checked to
see whether or not the chosen member sizes require modification (see
Sections 12.8.3.1 and 12.8.3.2). Also, dependent on the gable framing chosen
{sce comments n Section 12.8.1.1), one or two lines of sheeting rails may
have to be supported by some of the diagonal members wn the end girders.
The transference of ioads from the rail(s) would induce additiona! forces into
these diagonals, in which case the appropriate members need to be checked
(see Section 12.10).

Self weight of girder

Having designed the various members of the iatiice girder, the designer
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I
L0 m g ;
MR ——— .=
155 m
1.55m
155 m
B1sm 17,

Fig, 12.13 Armangement of
sheeting zails

12.7.1

is now in a postiion to check the estumated total self weight of the girder, 1.e.
34.0 kN, used in the determination of the dead load forces. All that is needed
1s a rapid assessment, 1.e:

chords: {41 4-37)x 37.0 = 2886
diapgonals: 2x8.6x2.6 = 50
2x(17.8-4+83)x29 = |51
2x(12Z.8+83)x33 = 135
Ix(BI+BIxIZ = 116
2x(83+8 %28 = 126

2x 83 x4.] = 68
fotal =:3532 kg=34. 6 kN

There has been a small underestimate of the self weight, 1.e. 8.6 kN, which
represents an error of .25% 1 a total dead load of 327.6kN, A quick scan of
the purder desipn wdicates that member sizes would not be affected. Though
there 15 no need to revise the calculations, 0.3 kN must be added te both
vertical reactions.

DESIGN OF COLUMN MEMBERS

The columas, in supporiing the kattice pirders i space, transfer the load from
the ends of the lagtice girder down to the ground and into the foundation. in
addition 1o the roof joads and the weight of the wall cladding, the column has
1o be designed {o resist the side wind loading (see Fig. 12.5). Assuming thal
the same sheeting rail {R145130) 1s used for both side and end walls and with
the probability of the gable post spacing bemng in the 6.0-6.5 m range (see
Section 12.8.1 for exact positionng), the moamum rail spacing is limated 1o
about 2.0 m™®, As a sheeting rait is required at the bottom chord ievel to
provide restraint to the girder, then Fig. 12,13 shows a possible arangement
of the mils along the side elevations, while Fig. 12.20 indicates the rail
spacing for the gabie walls.

Forces in cohsmn members
The axial lond acting on either column is the enmulative total of:

o the end reactions from lattice girder, depending upon which design
case 15 being considered {5ee next peragraph)
o weight of vertienl cladding: 0.13 x6.0% 6.8= 53 kN
{inciuding nsulabion-+liner panel) .
e weght of side mils: 5x0.045%x 6.0 =1.4kN
self weight of column: 50 x 6.8 x 9.81/1000 = 3.3 kN
o weight of gurert'!12 015 % 6.0 =0.9kN
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Fig. 12.14 Unfactered
vertical Joads
acting on roof

{kN)

12711

The end reactions fom tie lnttice girder and the wind induceq Hioment iy g,
column are interrelated, bewng dependent on the design case, ie.

(A L4 wy+16 Yy
B) 1.0 wytridwm,
C) EZwy+12 w12 W,

and the wind pressure distribution (sez Fig. 12.5). In determining the sjge
wind load aeling on an mdividual eolumn, the combined wind loagd acling og

assuming the girder is a sumply supported beam {sce Fip. 12,14 for different
roof loading cases). Note that the loads shown for the wind case represent the
vertical components of the applied wind loads,

.

L7 kN
{al A[;.---w-,u_v. S T e e T |
Dead toxd 4
166.5 kN
ib) i
Iaposad load 4
s o
{e} Y T e S L 1L O —
Wind on side wall v
28 kN -,
M Wind on side wall M
1.60

Wind on end wali ¥

DESIGN CASE {A)

The vertren! foed s based on the total load figures noteg in Table 12.2, with
0.6 kN added 1o the dead load value to compensate for the underestimation of

the girder's own weights (see Fig, 12.14a). Therefore, the cumulative axial
load in the column member 15

Fe=14(109+61.7 x 0.5)4-1.6 (166.5 x 0.5)=191.7kN

As there 15 no wing loading in the design case, thers 15 no associated moment,
RO
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4.80m

Bass
A shear

Fig. 12.15 Bending moment
in eolumn member
{leeward side)

12.7.1.3

DESIGN CASE (B)

For this design case, select the wind condition that maximizes the uplift force
on the roof, while maxinusing the wind moment in the column member, e,
LO wy+ 1.4 w,. Loads due to wind on side walls are shown 1n Fig. 12.14(c)
and the loads due to wind on end walls n Fig. 12.14{e).

(1) For wind blowing on side walls With reference to Fig. 12.14(a) and (¢):
F, = L0(10.94+61.7x 0.5y — 147753 % 0.754+393 « 0.25)
— SL1kN {ie. uplift)

[

The combined wind pressure acting on the mam building elevations 15
(0.54-0.45)g or (1.00 — 0.05)g (Fig. 12.5), therefore
Fam 1 4(0.95% 0.5 x 6.0 x 6.8)=32.0kN

Biving a base shear of 32.0/2= 16.0 kN per eolumn.

Though it is assumed that the base is *pmned’, the mun fame will be
subject to 'portal action®, Advantage can therefore be taken of clause 5.1,2.4b
which allows a nominal base moment of 10% of maximum columa moment,
Hence the maximum wind moment, acting st bottom chord levef (sce
Fig. 12.15) 1s;

M, =90% {base shear x moment amt)
=0.90(16.0x 4.8)=60.1 kNm

(it} Wind blowing on end wails {gables) With reference to Fig. [2.14(a) and
{e):

Fo= LO10.9+61.7 x 0.5) — L4(131.0 x 0.5) = — 50.0kN

Any lateral wind Joad acting on the end column is taken by vertical bracing in
the side walls (see Section [2.8.1.3). However, wind on the gables causes »
suchion of 0.2¢ or 0.7 acting simullaneously on both side walls, This leads to
a zero combined wind load at bottom chord lovel. Nevertheiess, the columns
are subject to bending due to the suction, Assume that the column acts as a
simply supported member between the base and bottom chard level, with (he
maximum moment accurning approximately mid-span, The effect of the 10%
base moment is to reduce {he mid-herght moment by 3%, we.

M =0.95[1.4(0.7 x 0,59 x 6.0 x 48483} = 9.5 kNm

DESIGN CASE (C)

For this design case, choose the wind condition that mimsmizes the uplift
forces on the raof, while teaximizing, where possible, the wind moment on
the cofumn, 1e. 120w+ s, w,,), See Fig. 12.14(d) and (e) for the
appropriate roof Joads,

(U} Wind blowing on side walls With reference to Fig. 12.14¢a), (b) and (d):
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12.7.2

maxinum axial compression occurs 1n the leeward column, as the effect of
the wind suchion is smaller on the leeward side of the roof (see Fig. 12.144);

Fo =1.2[10.9 +(61.7+ 166.5)0.5—(42.6 x 0.25-+- 6.6 x 0.75}]
= 1313kN
F=12(0.05x 059 x60x68)=274kN
M, =05027.4/12) x4 8=552kNm

(i) Wind blowing on end walls With reference to Fig. 12.14(a), (b) and (e):

Fo=1.2{10.94(61.74166.5—131.0)0.5]=T71.4kN
My =0.95]1.2(0.7 x 0.59 = 6.0 x 4.8Y/8)] = 8.2 kNm

This case 15 generally not critical.
{iif) Wind blowing on end watls With reference to Fig. 12.14{a)(b) and (e),

but considenng the wind condition of —0.2g that occurs on the leeward pan
of the roof, ve. the Ioad given in Fig. 12.14(e) 1s multiplied by 8.2, then:

Form1.2[1094(61.74 1665 0.2 x 131.0)0.5]=1343 kN
However, the corresponding side suction 15— 0.2q, hence:

M, =—0.95[1.2(0.2  0.59 x 6.0 x 4.8%/8) == 2.3 KNm

Column member Section
Table 12.7 summarizes the different design loadings for the column member

and the design checks for 25 x 146 x 37 UB, which 15 a plastic section. The
design checks are based on the following:

LOCAL CAPACITY CHECK

F. M, Fo M,
o T N
RS TR R T

OVERALL BUCKLING CHECK

{a} For the combination of axial cempression and moment, the following
condition must be satisfied:

LI
P M,

{b) For the combination of axial tension and moment clause 4.8.1 mplics
that the member buckling check 1s based solely on the following
condition:

mf.‘s'{, <10
M)y
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The noted values of P, (=P, as there are no deductions for holes) and A,
are iisted in ne lefi-hand column uader the appropnate sechon size, on p.171
of the SCI guide!'®. Also, from the tables on p.83 and p.134, the respective
values of P, and M} are extrapolated, knowing the effechive length about the
y—y axis, i.e.

ey =1.5%x4800=72m
Lg,=1.0x%4800=438 m

i is assumed that the side ruils do not restramn Ihe wside flange of the
column, except at bottom chord level {see Secton 12.8.3.5). (If the designer
needs to account for the restramt offered by the rails 1o the tension side of the
columa, then conditions outlined in BS appendix G govern). The value of
0.83 indicated in BS appendix D1, for caiculating the effective length about
the y-y axis, 15 not used as the base is pinned, re, conditions at the columa
base do noi comply with D1, 1e, However, this condition 1s covered by D1.24.

Thus, Lg, ts 4.8 m and by mierpolation of the approprate values listed in
the table on p.134 of the SCT guide"'®, Af, 15 evaluated to be 63 kNm. The
value of ni1s defined by BS table 18, based on the rano of the end moments
{B) being —0.10, ee. 0.34.

The values sn Table 12.7 depicted in bold indicate those allowable values
used in the member buckling check. Clearly, the wind onthe side walls
governs the design. The 254 x 146 x 37 T/B section sppears o be more than
adequate aad is adopted. (Note that a 254 < 146 x 31 UB fils to meet the
buckling check for the worst design condition, 1.e. 1.083). However, when the
wind biows on the end walls, additional forces are produced and indsced into
the bracing system {se¢ next section) which have to be transmatied down to
the foundations. As the columns m the end bays form aa integral part of the
bracing system, the selected section has to be checked for the additional
forces when they are calculated.

Table 12.7 Details of column member design

Allowahie
Axint Wind Loeut hiembaer
load maoment i P, M., M, capacity bucling
{kN) {kNm) {kN} (kN {INm) fieMm) check check
Design case (A) 191.7 0.0 1310 408 — — - 0.146 0478
Design case (BY:
wind on side ~5E.1 69.1 1310 — 133 £3 0.559 0.592%7
wind on end -50,0 9.5 1318 —_ 133 63 0.116 6.081'?
Besten case (O . 3
wind on side 1313 392 1310 448 133 63 0.545 6,32y
wind on end Ti4 8.2 1310 408 133 63 0.116 02435°
wing oa end 134.3 23 1310 408 133 63 D.120 8.340%

H
! For this design condition ol axiat icnsion ples moment, cliuse 4.8, 1 irmplics laar the member bugkiing cheek
15 based salely on the mament componant, Le. mAd{ sy, The combined effect ol zusion plus mnment 1=

cavzred by the iocal capacuy cheek i

*Haie that sa the member buckling check the maments ace muliiplied by mr (=0.54).
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12.8 OVERALL STABILITY OF BUILDING

The designer must slways ensure the structural stability of the building, A
this stage, the mam frames have been tdesigned to cater for in-plane Stability,
particularly with respeet to side wind loading. However, 1 order 1o give
stability to the building m the longitudina direction, all frames need to be
connected back to a braced bay. Generally, the end bay(s) of the building are
braced, se that the wind loads acting on the gables ean be transforred to the
foundations as soon as possible and thereby the rest of the structure is pgy
affected. Another function of the braced bay is that i ensures the SquBreqegg
and verticality of the struchrai framework, both during and after erection,

The bracing system for a single-storey building usually takes ihe form of
rafter bracing mn the plane of the roof (Fig. 12.16a). Dccasionally another
wiad pirder becomes necessary at botiom cherd level, when the roof
steelwork 1s decp, as with this design (Fig. 12.16b). Vertical bracing {located
in lie side walls) conveys the mfer bracing/wind girder reactions from etves/
wind pirder level down to the foundahoas {Fig. 12.16e). it 15 assumed that
each end of the building is braced.

B.650

lal Rafter Bracing
asut gabie posts L
{top choed fevel)

Eaves tie
AN
-
’,:/,,!
’
i) Wind girder i |
{bottom chord fsvef) |
¥

Fig. 12.16 Details of

{c} Vertical bracing
bracing systems
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This means tiat the top chards of the sppropoade Iatice girders form past
of the refier bracing, and the bottom chords are part of the wind grder.
Henee, the only members that have 1o be designed are the diagonals.
However, the top and bottom chords of the iattice girders must oe checked
against any additional effect from the bracing forcas. Also, the mawm cofumn
members associated with the vertical bracing system must be checked for the
effect .of bracing forces.

In this exampie, the client has indicated that the building might be
extended (design brief — Section 12.2), hence romal mam fames are o be
used at the gables. Consequently, there is 1o need for vertical bracmng 1n the
plane of the gable walls (cf, ‘gable framing’ of poriai frame building, Section
13.10). The mherent in-plare stiffness of the main frame supplies the
necessary stability 1o the walls, apart from any stressed skin action that nught
eXIRL,

Arrangement of gable posts and bracing systems

GABLE POSTS

The ioading on, and the structural arrangement of, the different bracing
sysiems are dependent on the positioning of the gable posis and the
relationship between the posts and the Iattice Birders. The gable posts, in
addition to supporting the side rails and cladding, resist the wind loads acting
on the gables, There are two basic choices when dealing with gable posts:

either ke posts run past the latice girder ang are connected
sideways to the top and battom chord members of the girder; or the
POSIS run up and connect to the underside of the bottom chord
member. This means that those lines of sheeting rails which occur
within the depth of the girder have fo be supported {(connected) by
some of the diagonals of the girder, thereby mducing fexural action
in those members owing to both the eccentniesty of the vertical
loading, relative to the centroidal axes of tie diagonals, and the
horizontal wind loading, However, it has to be remembered that the
end lattice girders carry only ha!f the toad, comparad with any
ttermediats girder, and therefore it muight be possible 19
accommodate these additional moments withour changing any of
the member sizes of the end girders.

Both schemes allow the gable cladding, sheeting rails and posts o be
removed in the fiture and relocated, with mmimum disturbance to the ‘end’
man frames, For this design example, it has been deeided that.the shorter
gable posts are to be used, i.e. connected to underside of gider, Next, the
spacing of the gable posts has to be dacided. If there had been any domnant
openings in the gable(s), then such opemngs could influence the posttioning
of the pasts. As it has been assumed that thers are no openigs n the gables,
arrange {he posts to be positianed at approximately equal distances, 1.e. the
nosts placed at 5.25 m, except for the end posts which are 6.0m from the

) C VIS ICERE S HTU AN THIT E S OUH
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main frame columns (see Figs. 12.17(c) and 12.26). Thus, the span of the side
rails on the gable 15 6,25 m and with maximum rail centres of 1.85 m, the raj]
section 15 adeguate

RAFTER BRACING

Though 1t 1s not essental, it 15 good practice to make the joints of the bracing
systemn cowncident with purhia lines. By domg se, severs minor axis bending
{ansmng from restrami forces m the purlins) 15 not méroduced into the top
chords of the lattice girders. {If the gable posts run past the outside of the end
girders then 1t is desirable that posts comeide with the rafter bracing
mtersechons.) Thus, within the constrant(s) just outlined, a rafier bracing
system can be readily defined; see the confipuration in Fig. 12.16(a).

WIND GIRDER

Comng to the wiad pirder bracing, located at bottom chord level, i 15
deswrable that the girder connechions coincide with the gable posts, thereby
giving the posts positional restraist, and, at the same time, preventing
bending action on the bottom chord. On the mternal side of the girder, 1 is
equally important that the longitudinal ties are connected into the bracing
sysiem, as clause 4.10d states that such ties must be *properly connected to an
adequate restramt system’. This can resuit m the wind girder configuration
iike that shown in Fig. 12.16(b).

YERTICAL BRACING

There are a number of ways of providing vertical bracing m the side
elevations, as diseussed in Chapter 10, Current practice for single-storey
buildings 15 to use single member struts, instead of cross bracing, Figure
12.16{¢) shows how the diagonal members have been arranged, so that wind
pressure on # gable causes the members to go into tension. This means thai
under the smaller wind suction condition the members have to resist
proportienally smalier compression forces; that 15, bracing 1s arranged to
mimmize the compression that diagonal members have to sustam, leading to
£CONDMIC 51Z€S.

If the client desipnates that operings are required in the end bay, then the
vertical bracing arrangement may have to be modified if any bracing member
mtrudes into the space reserved for an opening. The vertical bracing cen be
loeated in another bay, remembenng. that an eaves strul would be reguired to
weansfer the pable forces to the vertical bracing sysltem. In an extreme case,
the designer may need to provide “portal’ frarming in the fateral direction (see
Chapier 10). :
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Fig. 12,17 Rafier bracing
and wind girder
- unfactered
member loads

(&N}
12.8.2

Sysametnical
]
]
| 6.00D , B.250 \ 6.250 !
[ = I 1]
* 190 kN * 443 kM * 5.67 kN Y £.24 kN
T\ +8.35 ;7 \ 1701 ,’\\ +24.0 N
i ‘\ [N LN 1N
(Y ~) . ~,f L N
i / A 7 % n, !
ol NG & o ) A oA Y
g & \& & v oo/ é '
o :i A [ \ / 5 ¢ :
| \ / 3 i A /
{ A \ ’ \ ’:’ i
! k3 y :
i Y -323 S e NS Em
| 2875 5.250 6,250 | 3125 |
li 1 T T 1
! {a) Rafter bracing -~ wind on gahia
™o A PN +18.35 R
P fon 4N NN
{ A\ o' N AN /) \
2 o 3/ i oy : @y
2 o\e 2 Ny \& JoE
1 \ ; \‘ / \\ ’
/ v/ N !
AT VI - Y 1620 N\ _wmas
i
.95 kN + 102kN Y 4N + Sk
|
! [} Rafter bractng - wind drag
| 5.000 | 6.760 s 8250 \
| [ H i
+6.15 kN +13,1BRN */14 52 kN *15.03%«4
7 ) N ambgz w7z R
e ~ \ R AN
{ ’\b /, ™ A \'f.- ,i_\ ,’/ I \\
ol wi N 7. > '
2| o 2 ~Eo 2 & €
w| +1 ~2 i~ "/ t
P N S
| - N B |
| . - \\ i // i
. - _
'_i' 35. S| a7|.79
' 12.950 i 5550 !

{cl Wing qiedar and longitudinal ties ~ wind on gable
Forces in the bracing memboers

Having configured the rafter bracing, wind girder and vertical bracing, the
next step 15 1o determine the unfactored leads acting i the vanous ‘bracing’
members. This is easily dore, by assessing the proportional share of the wind
load seting en the pable taken by: 1
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Fig. 12.18 Vertical bracing

-~ unfictored
member foads
{kN)

i . :
’ s the rafter bracing at roof level:

e the wind girder at bottom chord level; and
a  the foundation at base ievel,

Taking the wind coefficient as being 1.0 {assuming no dommant openings
subjeet to storm conditions) and refernng to Fig. 12.16(a), then the

unfactored load applied at wind girder level, for, say, the post adjacent 1o the
central post:

£ == (height of post x post spacing X wind pressure)/2
=[4.8+ 1.B5(2—6.25/18.5)]6.25 x 0.59/2 = 14,52 kN

and the unfactored load applicd at rafter jevet for the same post:

I7 ={girder depth x post spacing x wind pressure)/2
= 1.B5(2 ~6.25/18.5)6.25 % 0.59/2 =567 kN

[rem which the unfactored load applied at the foot of the column can be
dedirced, 1e.

F= 1452 -5.67=8.85kN

Thus, all wind loads acting on the rafter bracing and wind girder can be
calculated in a similar manner snd applied o the appropnate jomts. The
bracing systems are then analysed, assuming the diagonals are pin-jorded, io
deterrune the unfactored member forces; see Figs. 12.17(a) (rafler bracing),
12.17(c) (wind gerder) and 12.18(a) (vertical bracing). Member forces for
different wind coefficicats {other than unity) can be obtained by proportion,

In addition, both mfier bracimg and vertical bracing have to resist wing
drag forces, ansing from wind friction across the surfaces of the building, As
there 15 2 braced bay at each end of the building, the unfactored drag force of
49 KN for the roof (see Section 12.4) is divided equally between the two
braced bays, The rafter bracing 1s analysed for the wind trag force, assuming
that the force 13 uniformly distributed across the rafter bracing system (see
Fig. 12.17b). Next, analyse the vertical bracing lor both the roof drag forces
from (he rafler bracing and the forces due to frictional deag on the side walls

Wind
diraction ‘:> Wind drag
+15.12 +11.30
[ 1532 T30 = — 0.53
T Bl o 33L—"g
I L - e |
IEET w27 -
o ,I - e
=] L1 = o -
T A o ° 7 8
P 3 4 &
- e i
/’ ~
__’, L .4/

la} Wind an gabie

b} Wind drag
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{==15.2/4 =3 8 kN per bracing; see Section 12.4.3}. The unfactored member
forces {(due to wind drag) for the vertical bracing are geven i Fig, 12 1B(b).

Design of bracing members and ties

Structural hollow sections usvally prove to be the cconomic solulion for
bracing members, owing lo their structural efficiency in both the x—x and y—y
directions. An allemative profile 15 an angle section, which is much less
efficient but easier to conneet. For members resssting very small joads 1
tension only {no stress reversal), then solid round bars could be used.

The siendemess for members tesisting self weight and wind loads ornly has
to be less than 250 (clause 4.7.3.2b). This is parficularly relevant when
designing the diagonal members n the bracing systermns,

RAFTER BRACING

First, the diagoral members are considered separately from the main booms,
which are m fact the top chords of the end twa lattice girders and therefore
subject to multiple loading. Where possible, standardize on a common size
for groups of members, so that an economuc solution 15 produced. Discussion
with a fabricator may establish preferred sizes.

The maxitum forces in the diagonals oceur when the wind loading on the
gables 15 8 maximum, i.e. when a wind coefficient for a gable is +1.0,
together with the effect of wind deag. Therefore, design the diagonals based
on the member with the largest combined compsession force. From the
unfactored loads indicated in Fig. 12.17(a} and (b}, the desiga load is
calculated as:

Foe=1A(14.66+12.54) = 38.1 kN

whieh 15 sustamned by a member with o ‘discontinuous’ length of 6.66 m.

Looking at the table for circular hollow sections (CHS) on p.89, 5CI
guide!"™, 1t can be seen that 2 88.9x 4.0 CHS satisfies botn design
critena — strength and stiffiess. However, the loads in the diagonals decrease
towards the centre of the bracing. Therefore, apart from the four outermost
diagonals, the section size can be reduced to 88.9%3.2 CHS.

Check top chord of lattice girder Next, check to see whether of not the
*bracing’ forces induced in top chord members of the penultimate lattice
girder modify the member size. The penultimate girder s chosen, as it 1s
more heavily loaded than the end girder, which carmes only half the roof
loading. In examning the bracing loads that can be mduced into this
particular tap chord, # should be borme w mind that the design of the chorg
was based on the maximum compresston oceurnng 1 that member; see Table
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12.4 and Sectton 12.6.2.1. This compresstos arose from the gravity ioad only,
design case (A). Now, only suction on the gable (~0.8q) appears to mduce
further compression wnto the top chord of the penultimaie girder. However,
this suction exasts only a5 & result of the wind uplift on the roof, which i this
example represents a maximum uplift condition. The resuiting tension in the
chord (from the uplift) more than nullifies the compression from the bracing
system; that s, n this particular design example, the bracing forces do not
create 2 more severe design situation than those already considered.

The other condition which could be examined is the cumulative tension in
the top chord which anses from design case {8) (Table 12.4), plus tension
bracinp forces. The latter occur in the top chord of the penultimate girder
when there 15 wind pressure on the gable. However, the wind loads nvolved
are lower {han the ‘compression’ condition just exammed, Therefore, there 15
no need for further calculations.

WIND GIRDER

Apain, the diagonals are treated separately from the boom members of the
wind girder, which are the bottom chords of the latuce girders. From Fig.
12.17{c), 1t can be seen that the maximum compresston load for o diagonal is
49 74 kN tunfactored), hence:

Fowl14x49.74=090kN

for a member having a discontinuous lenpgth of 8.49 m. Again, with reference
1o 189", the selection 15 & 114 3x 6.3 CHS for the two outermost diagonals,
A 114.3x5.6 CHS is suuable for the other diagonals, even for the reversed
load conditions of ~0.8g. For exampie, the member carrymg 33.75 kN
{unfactored) tension for wind pressure on a gable (see Fig. 12.17), has o
susram 27.0 kN {unfactored) compression for wind suction,

Check bottom chord of lattice pirder This ime, 1t 15 the mexymum uplift
conditions for the roof which produce compression in the bottom chord of the
lattice girder. Consequently, the effect of the additional compression in the
bottem chord of the penultimate lattice girder {resulling from suciion on the
pable) must be checked. The forces noted on Fig. 12.17(¢) need to be
muitiplied by 1.4(—0.8) o obtain the required bracing forces in the bottom
chord; see cotumn (4) i Table 12.8,

On checking the design calculations for the bottom chord in Section
12.6.2.2, 11 can be seen that the compression resistance of both the outer and
middle lengihs s just adequate, 1e. 200.3/213.4=0.93% and
237.17250.6 = 0.946, respectively. Therefore, adopt the 254x12Tx 37 Tee
for all bottom chords of lattice girders.
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Table 12.8 Beacing forces i bottom chord

Axial forces (kIN)

Members Roof lending Design lead Guable wind Design lomed
Ly Ldw,, (1)+{2) 1w, 3)+(4)
1} 2) £3) ) (5)
11,21 0.6 + 5i + 5l +39.4 43
12,20 —-458 +144.4 + BB.6 +39.4 +138.0
13,19 —60.8 +210.2 +140.4 +39.4 +179.8
1418 ~80.2 2411 -+160.9 -394 +200.3
1517 —-81.5 +242.7 +1612 +75.9 +237.1
16 -76.4 +229.4 +153.0 +75.9 +228.9

YERTICAL BRACING

Figure 12.18{a) shows tie unfactored forces s the members due solely to the
geble wind with a coeffietent of +1.0, while Fig. 12.18(h) indicates the
unfactored member forces ansing from wind drag forces on both the roof and
side walls, acting m the sarne direclion as the wind. Figure 12,19 gives the
factored forees (with y,=1.4) i the members for those wind conditions
which might affect the design of the members carrying bracing forces. The
toad factor of 1.4 is used as the loads 1 the non-vertical members are entirely
due to wind. Also, these members must have a limiting slendemess of 250.
The following information summarizes the design of these non-vertieal
members, based on the maxsmum loads that can’arse from wind os a side,
with msignificant drag forces {Fig. 12.19a)} or the combined effect of wind
on a gable pius drag (Figs. 12.19(b), (€} and (d})).

6.0m long; 47.7kN compreésmn; 26.8 kN tension
Use 88.9 4.0 CHS!'™®

Horizontals

Upper diagonal 6.3 m long; 25.4 kN compressien; 40.9 kN tension

Use BR.9x3.2 CHS!Y

7.7m long; Bﬂ.QL:cN compresssan 137.5 kN tension
| " Use 14.3x5.0 Cpst®

i
i

Lower diagonal

Check column member Now the penultimate column member has Lo be
checked for the maximum axial compresston load from the bracing forces,
4514 4+ 15.68 = 60.8 kM (unfactored). This load anses from a wind condition
which causes a pressure of +1.0g on the gable and —0.2g uplift on the roof. In
fact, this 15 the design ease (C) {iii) noted in Section 12.7.1.3 and Table 12.7.
Therefore, 1otal maal compression 15
i
Fo=12[1094+61.7+1665—02x 131.0)9,54}-60.8]:207.25\:1\}
M, =2 3N (Section 12.7.1.3(iii})
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Though wind suction on the gable and the associated wind aE cause
additional tension for design case (B), noted in Secticn 12.7.1.3, the effeet s
marginal in terms of the focal check, As the buckling check dees not apply
for the ‘tension® case, the adopted section remains saltsfactory.

LONGITUDINAL TIES

As stated, the purpose of the longitudinal ties 15 to restrain the bottom chord
member of the Iattice girders (see Fig. 12.16b). Assume that the ‘ties’ need o
provide @ restraining force equal to at least 2% of the maximum load in the
chord, r.e, 0.02 x 4693 =94 kN, which may cause compression in the “ties’.

Over & discontinuous length of 6 m and fequirning & slendemess not exceeding
250, 2 76.1x3.2 CHS is suitable(",
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EAVES TIES

These members give positional restraint to the column heads and also provide
restramt to the ends of the top chords of the lattice gerder. Use the same size
85 that for the longitudinal ties, t.e, 76.1 x 3.2 CHS. Restraint at bottom chord
level is to be provided by diagonal braces from the nearby shectiig mil 1o the
inner Aange of the column.

DESIGMN OF GABLE POSTS

The design of the gable posts is straight forward. They are self-supporting and
are only connected to the main frame at top and bottorm chord level {see Fig.
12.16(a) or {b)). Having cstablished the spacing of the posts, Le. 6.25 m, the
posts are assumed (for simplicity) to be simply supported between the cojumsn
base and the connection at wind girder evei, t.e. 4.8 m span. Apart from the
gravity load of the shecting, pius mnsulation, plus liner, plus sheeting rails and
the column’s own weight {which produces a nonunat axial ioad in the post),
the man loading is a bending action, due to wind blowing on the gable.
Design the ceniral post; see Fig. 12.20. The axial loac mcludes that for

cladding plus self weight of the side rails and post, Le.

F. =1.4{(cladding + insulatien) + (post + side raiis)]
= 14[0.13 x 5.72 x 6254 0.5(esL.) x 4.8] =9.0 kN

Wind load en a 4.8 m iength of post 15:

F =14x10x0.59x4.8x6.25=24 8 kN
M, #2248 % 4.8/8 = 149 kNm

Select 2 203x 133 %25 UB. From the SCI guide®'®, 2, =779 k¥ and
My=29kNm, from which a buckling check can be undertaken, 1e.
99 149

P o § - {. = L .0
779—{-29 M3 +0.514 = 0.527 < |

This neglects (for ssmplicity) any lateral restramt from sheeting rails,
Use 203x133 %25 UB.

Trimmer angla Rafter brocing
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DESIGN OF CONNECTIONS

Having designed the members that make up the latuce gprder there remains
the desygn of the connections 1o be completed, Basically, the function of 5
connection 15 to transfer loads efficiently from ose member to another
without undue distress, while minumizing the cost of fabncation and BRSUning
ease of erection.

When designing connections, it 15 always usefirl to draw connection detailg
to scafe. For bolted joints, such details can demonstrate readily whether or nog
the bolts can be serted easily ot the appropnate locations. In the case of
welded Jomnts, it 15 essential 1o check that the welder 18 able to depostt the
weld metal without tmpedance,

Though the girder was analysed assumng that the diagonals wese pin-
erded, connecting the disgonals to the chords results m a degree of fixuty,
Independent of whether or not the connection 15 destgned boited {with at least
two boits) or welded, clause 4.10 implies that secondary stresses could be
ignored, provided that the slenderness of the chord members mn the plane of
the girder 1s greater than 30 and that of the web members 15 greater than 109,
In this example, the sienderness of the chord is Jjust below S0 (46), while the
weh members have slendernesses well ubove 100, Therefore, it could be
deemed that such stresses are msignificant,

By arranging alternate diagonat members to be coanected on the apposiie
side of the steam of the T-section, the number of ends cuf on a skew is
reduced and hence cost of fabrication, The other benefit is that each half
girder can be manufactured in an identical manner {Fig. 12.21) end when
spliced topether, the alternate pattern for the diagonals continues across from
one half to the other half; that s, alf diagonais sloping one way are connected
to one side of the T-section, while the remaming diagonals sloping 1 the
opposite direction are attached to the other side of the chord. This
arrangement allows any sheeting rail(s) i the gable, located within the depth
of the end girders, to be supported by the outstand legs of every other
diagonal member, However, the disndvantage 15 that the additional loading

700 , 3700 | 3100 ) 3700

1850

181 2 228 x 41

300

Al diagorsals 89 x 80 x § Angles
unless noted otharwise

1850 I 3700

254 x 127 x 37 Tee
l ran 3708 I 1700

254 x 346 x 37 UB column

Fig. 12.21 General detnils
of latice girder

18500 |
1
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Fig, 12.22 Details of
typrcai internal
conneciions

imposed o these members might cause their sizes io be modified {see
Seetton 12,10.5). The design of typical connections for the lattice girder 1s
now examined in detail.

Typical diagonal to chord connections

The typical internal connection chosen to be designed 15 node 3, where
member 23 {90 x 90 x 6 Angle) ond member 24 (100 x 100 x 12 Angle)
intersect with the bettom ehord (254 x 127 x 37 T-secuon); see Fig, 12.22{b).
When designing welds, it s immatenal whether the axut {oed 15 tension or
compression fapart from fatipue or britie fracture consideratons, which do
nol Appiy to this example). The welds bave to be designed to transfer the
largest possible load eccurmng m the member under any loading condition,
re. member 23 cames a force of 204 kN and member 24 a force of 138 kN
{sce Table 12.5). Almost invaniably with this forin of construction {using
angle sections), the centre of the weld group 15 eceentric to the centrodal axis
of angle secsion, 1., the weld group s not balanced. Therefore, in addition to

[} Bortom chard connection at node 3
|
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the axral load, the weld group has to be designed lo resist the m-plang
torsional moment genemted by this ecceatniety, as witl be Hlustrated by the
ensuing caleulations,

For example, toke the connection between member 23 and the bottem
chord: the maximum possible lengths afong the toe and hee! of the angle are
135 mm and 55mm, respectively (see Fig. 12.22b). Also, the weld acrogs the
end of the angle 13 90 mm. As the stem of the T-section is relatively short is
probably advisable to weld the angle to the edge of the stem, 1.e. on the
feverse side to the other walds producing the weld group shown in Fig. 12.23,

First, determine the distance of the tongutudinal axis of the weld EToup
from the heel by taking moments of the weld lengths about the heel, The
melined weld length {120 mm) is treated in the same manner as the other
welds,

E=(90%2 4+ 135 x 90 - 120 x 45355 4+135+ 120 4-90) = 54.0 mm

The Iateral axis of the weld group, telative to the end, is determined in a
stmilar marner, ie.

F=(55%2+135%24 120 x 95)/(55 + 135 - 120 +50)=55.1 mm

From the SCI puide""™ the centraidal axs 1s 24.1 mm from the heel of the
angle. Hence, the eccentnicaty of the joad is 54.0 ~24.1 =29.9 mm, resulting
i 2 moment of 204 x 29,.9/1000 == 6, 1) kNm, Thus, the weld group for
member 23 has to be designed for an axial foad of 204 kN and an in-plane
moment of 6.10 kNm. Therefore the equivalent polar second moment of ares
{ineria) of the weld group needs to be evaluated,

The general practice 15 to ignore the losal inertia about their own axes for
welds pamallel to the global axis bemg considered ~ a conservative
assuniption, Note that the mertia about its local axis for the component of an
nclined weld (of length d), perpendicular to the elobal axis, 1s sipnificant angd
must be taken into sccount, 1e.

dht

12

where Jiis the projecied length of the mclined weld, normal 1o the giobai axis
sbout which the equivalent mertia 15 bemng determined (see Fig. 12.24).
Therefore, the total inertea for an mclined weld about a global axis, say the
XX KIS, 15

I _dhz+d2
=73 Ly

where yis the distance from the centroid of the inclined weld to the global
axis, normal to the axis being considered (see Fig. 12.24}. The total inertra for
an wclined weld about the other global axis can be obtained in a simifar
manner, as demonstrated in the following calcuiations for tlie weld group
shown m Fig. 12.23.
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L=r+1
L, =90 % 5512 +2 % 55.1/3 - {55.0 — §5.1)°/3 + (135 — 55.1°/3
+120 x 807/12 4 12095 — 55.1)7 =810 x 10° mm®

L =354.0°/3 + {90 ~ 54.0) /3 4 55 x 54.0% 4 135(90 — sa0)f
+120 x 90% + 120{54.0 — 90/2)* =454 x 10* mm*

I, = (B10 +494) x 10} = 1304 x {07 mm"
The shear per unit length due to axial Joad (Fg) 152

Fg=204/55+ 135+ 120 4+ 90) =0.5 10 kN/mm

and the shear per unit length due to the eccentric moment (F7 )15 obtazed by
considering that part of the weld furthest away from the centre of weld group,
re. pomt A in Fig, 12.23:

Fr = MRuw/1I!

where  Rpgr= \f[(90—54.00> + (135~55.1)? |=87.6 mm
and cos8=(90~54.0) / BT 6=0411

Fr=6.10x 87.6 /1304 =0.410 kN/mm
Now

Fa = \/F} + F} 4+ 2FsFy cosd
= /[0.510° + 0.4107 4 2 x 0.510 x 0.410 x 0.41 1]
=0.816kN/mm < 0.903 kN/mm  {p. 205 reference {0)

Use 6 mm FYY.

Now examine the connection at node 4, where member 24
{100 % 100 x 12 Angie) and member 25 (90 x 90 x § Anpgle) iniersect with the
top chord (191 x 229 x 41 Tee); see Fig. 12.22(). Designing the connection
between member 24 and the chord, it 15 noted that the stem of the top chord is
deeper than that for the bottom chord, with the result that the longitudinal
welds can have lengths up to 240 mm (heel) and 130 mm {toe), while the end
weld is 100 mm long (Fig. 12.25). In this case, the weld group will be
designed without the inclined weld length as it mught not be necessary,

The determination of the weld size is identical to previous caiculations,
except that there 15 no inclined weld, For brevity, only the resuits are given:

£=38.6mm
7=7i4mm

I = 1BES x 10 mm*
1= 871 x 10° mm*
I =2762 x 10° mm*
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Relative o the centre of the weld group, Lhe eccentnicity of the axial foad
ts 38.6—29.0=9.6 mm. Thus the weid group for member 24 has to be
desigred for an axial load of 188 kN {Table 12.3) and an n-plane moment of
188 ¢ 9.6/1000 = 1. 80 kNm.

The shear per vnut length due to axial load is:

Fy == 188/120+ 100 4 220) = 0.42TkN/mm
Ry = 1335 mm
cosf) =0.251
Therefore, the shear due to the forsional moment 13

Fr =180 x 153.5/2762 =0, 100 kN/mm
Fp = J[0.427* +-0.100% 42 x 0.427 x 0.100 x 0.251]
={0.462 kN/mem < 0.602 kKN/mm {p.205 reference 10)

in fact, 2 6 mm fillet weld {FW) 15 the minimum si1ze for welds.

Use 6mm Fw.
Other ntemat connections ¢an be destgned in a sunilar way.

12.10.2 Lattice girder to column connections

The destgn of the welded connection between member | and member 23
at node 2 (see Fig. 12.262) foilows the same method already outiined in

24 mm dia. hotes

at 80 cic 191 x 229 x 4172
2Tk 145 kN
w -
2 |t @
L—T[
150 12x 260 L'g-T LE

& rmirn FW

{a) Top chord connection - nade 2

8340,

160 % 12 plate x 150 L'g .| M

Bmm FW \\ l@

24 mm dia. holes 4
atfbcic o : e ]
254 % 27 37 Tes

Fig. 12.26 Latuce mirder to
column cannections (b} Bottarn chord connection ~ nodo
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12.10.3

Section 12.10.1. There rerains the transfer of the vertical shear 176 kN from
the end-piate connection inlo the colums Banpe. In fact, this 15 a sue
connection, which 1s generally bolted {more cost-effective) and, antcipatng
other sile connection details, 22 mm diameter bokes (grade 4.6) are used. As
the single shear strength of this bolt size 15 48.5 KNU™ then the number of
bolts required is F76/48.5=3.6, .e. four bolts {see Fig. 12.363). Beaning
strength requirements indicate a mintmum plate thickness of 6 mm"'™ This 15
more than satisfied by using an end-plate thickness of 12 mm, which would
restet any excesstve out-of-plane deformation of the plate. Also, the shear
per umt tength for the weld, joining the end-plate to the top chord meniber, 1s

176/(2 x 190+ 1 % 210) = 0.220 kN/nm

Therefore use the mummum size, 1.e. 6 mm FW.

A nomunzl site connection 18 fequited at node 1 berween the bottom chord
member and the mam column flange, as there s lile load bemng transferred
betwaen the two elements, apart from the axial load due 10 ‘ponai action’
{Fig. 12.13), i.e.

69.1/1.85=37.5 kN (Section 12.7.1.2{i}).

Apun, use & 12 mm end-piate and 6 mm FW; see Fig, 12.26(b) for details.

Site splice connections

Owing to the overall length of the lagice girder, 1 was decided to arrange the
girder to be delivered in two halves. The girder s assembled on the ground
from twao haives, prior to being lifted atoft dunng the erection process. In the
desigm of the lattsce mirder (Secuion 12.6.2) il had been contemplated that site
splices were o be positioned at or near nodes §1, 12 and 13. However, it
eould be argued that instead of making splices near both nedes 11 and 13, s
single splice at mid-length of the bottom ehord could prove more economic.
The muinor advantage of havenp the two splices i member 16 is that 1t allows
a greater fexibility m adjustment should a camber be required (see

Sectron 12.12).

The site splices illustrated in Figs, 12.27{a) {apex) and 12.27(b) {bottom
ehord) show one half of each splice as bemng sile bolted. Depending on the
relative costs and fexibility required durmg assembly of the latice girders,
the other half of each splice can be either shop welded or also sie bolled. The
benefit of the splices bemg totally bolted is that each half girder would then
become identical, ideal from the fabncation pomt of view; that 1s, i @
designer can butld in repetition duning the desipn stage, then fabrication costs
will tend to be lowered as a direct result, |

Figure 12.27(a) gives the details of the connectian at the apex (node 123,
In order 1o have square ends the eentroidal axes of the diagonais 32 and 33
are offset from the apex intersection by 50 mim. As the load in these members
15 relatevely smnali, the slight eccentnicity should not have s significant effect.
Also, though one balt would suffice 10 transmut the load of 31 kN from the
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Fig. 12,27 Dctails of
miemal spfices

Y0 x 12 plate x 480 L'g
24 mm dis. holes 30 e

275x 12 platex 450 L'g”
24 mm dia. lioles

{a] Apex connection splice

b .
160 = 8 platex 498 L'y
24 mm éia. holes 81 80

\ e 254 % 127 x 37 Tew

¥ o
+
1) + 80 (19)
® . @
ot | e i — 55-— ———
439 kN = SuSSS. == 439 kN
220 x 12 plate x 480 L'y
24 mun ¢, holos 140 oz 40 86 8o

{b} Bottom chord spliza

dingonal to the chord, it is good practice to use a munmum of two bolts, Note
that in the case of the lower bolt in the diagonai, is toad is trangfered via the
gusset plates and back into the stem of the chord.

The s1ze and shape of the pusset plates has been arranged so that it can be
square cuf from a standard plate section. It makes good sense to avoid too
many cuts m a gusset plate, ofherwise costs will increase, Too many cuts
widicates a Iack of apprectation of fabncation processes and costs, The splice
has 1o transmut 456 kN between the two halves of the chord, Using prade 4.6
bolts, the number required is 456/48.3 = 2.4, say 10. This 15 accomplished by
lacating {in one halfof the splice) 6 bolts m the table of the T-section and the
other 4 bolls 1n the stem, roughly in proporiion o the areas of the {able and
stem. Figure 12.27(a) shows a possible arrangement for the 10 bolis,

Coming to the botom chord splices, the design of them is not too
dissimilar from that of the apex splice, i.2. 10 bolts are also required on each
side of the splice in order to {ransfer 439 kN (see Fig. 12.277(h) for details of
splice).
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A2.18.4  Typical bracing cannections

The details of a connection between the diagonals of the wind girder and the
bottom chord of the penultimate girders (gwen in Figs. 12.78 and 12.29)
illustrate the design basis for other bracing connections, 1scluding thase for
the rafier bracing at top chord level, By carcful detailing, the tee-picces
welded to the ends of the diagonal members of the wind girder and the
longitudinal ties can be standardized. These lee-pteces not oaly seal the cnds
of these circular hollow section, but also provide a simplec means for bolting
these members to a gussct plate (see Fig. 12.28). Again, 3 mummum of two
bolts per joint 18 used.

These tee-pieces can be either made by welding twe piate elements
topether or manufactured from 5 cutting from a suitable 1-scetion. The plate
element (welded directly to the tubular members) must be siff enough,
otherwise dishing can oceur, causing high stress concentrations at the
Junction between the two plate elements compasing the tee-piece. Such hign
stress can lead to matenal rupture m the form of teaning, particularly if the
elements are welded topether. 1t is recommended that, for the size of the
hollow section selected, at least a 12 mum thick plate should be used for tue
table of the tee-preces.

Figure [2.28 shows the gusset plate {12 mm thick) bolted to the table of
the bottom chord, for ease of removai if and when the building 15 extended.
Though ne holes were deducted i the design of the outer lenpths of the
bottom chord {Section 12.6.2.2), an exnpmunation of those particular
caleulations mdicate the reduced area is more than adequate to resist the
design loads in tension. Alernatively, this plate could be welded into
position, though this might cause some probiems should removal be required.

The connection bebween the diagonals of the wind girder and the bottomn
chord of the end girders is sumilar to the cornection just outlined, except that
there 15 an additional factor. A previous design decision was io run the gable
postis up to the underside of the end girders, coinciding with the nodal pomts
of the wind girder (see Fig. 12.17c). Each pable post is o ve connected into
the wind girder system via a plate welded underneath and to the gusset plate
{(see Fig. 12.29). However, the end lattice girder {even though carrying only
half the ioad) deftects vertically under imposed and/or wind loading and
could cause problems in the pable posts. Therefore the piate to which the web
of the post 1s bolted has slatted holes which allow the girder to deflect the
cafeulsted movement due to imposed loading and/or wind uplift.

Finally, the connection detailed in Fig. 12.30 is typical of those
connections in which two bracing systems acting in different planes mtersect
at a comymon pomnt. In the example shown, the inlersection of the wind girder
and vertical bracing with the column member is considered. To achieve a
comrect transter of forces, the vanous bracing members should intersect at a
commosn point, otherwise moments are induced. However, practical
considerations dictate that the honzonta diagonal be offsci by 25 mam.

1on WiTh CVISION'S PUOTCGOTTT
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VU-S L 254 % 127 2 77 Tee 11.10.5 Check diagonais of the gnd girders )
@Ak L

j -

’/ = - 5 ) As the gable posts run up to the underside of the end girders, this means that
Stoned the sheeting rails tocated within the depthrof an end lathee girder have 10 be
" holes 8 H: . supported via the alternaie diagonel members of the girder. Owang 1o the

e P | 2= T35 LR eccentncity of the rails refative to the vertical plane of the gieder (Fig. 1231,
additional loading m the diagonais 1s mduced. Therefore the sizes of these
dinponals need to be checked for thewr adequacy to withstand this extra
— i londing. It is soted that the end girder cames only hatf the 1oad for which the
+ + : intermediate gmrders were designed (Table 12.6).
A =i Assuming that the rails are supported by every other diagonal, it can be.
seen from Fig. 12.32 that, if the vertical spacing of sheeting rails 1s continued
at 1,55 m, then the span of these rails is about 3.7 m. {Doubling the span
a9 " 3 would result m making the section R143130 unsuitable,) Examination of the
central diagonal {member 33), shows that the additional loading anses from
two sheeting rails. This ioad is manly due to the wind suction on the gable
{—0.8g) in the design case {B); that is. refernag to Fig. 12.32:

Bracing
114.3 % 5.0 CHS

ATI kN

e
A

1

r
Honaem chard
754 % 127 x 37 Tee

Longnudinal tiz
75.2x £ICHE

T4 3x50CHS

. . , 1143 x£3 CHS =i Honzontal load ai A due to wind
Fig. 12.28 Wind girder,
longitudinal nies

- . =14 x0.8x0.50%1.55x3.7=370kN
and bottom chord Fip. 1229 Wind muoder,

connecnon gable post and Vertical boad at A due to cladding, msulaiion, liner and rails
bottom chord i .
connection - =1.4(0.13 x .35 +0.04313.7 = 1.28kN

o ‘The loads a¢ B can be denved by proportion, e
e ={1.55+0.50(av.)}{2 x 1.55)=10.66
hence the horzontal joad at B
=0.66 x3.79=2.350kN
and the vertical load nt B
=0.66x 1.28 =084 kN

The resuiting momeant i the diagonat due to the honzental toad is noted in
Fig. 12.31 Table 12.9, bused on the dimensions mdicated. The moment due to the
vertical load is not significant (2%) and is ignored, The approprate loads can
he determened for all the other diagonal members supporting sheeting rails
{see Table 12.9).
S “T In checking the adequacy of member 33, it 1s assumed that the combined
AT out-of-plane stiffness of the cladding nnd shecting rails consirains the
i diagonal member (v1a the rail attachments) 1o bead aboul its x—x axis, rather
thizn 1S ) axis.
The axiat load is 9.3 +1.28 +0.84 =114 kN and the maximum bending
moment 1 the member 15 4.54 kNm, The SCI guide!'™ indicates that the
p : A T member size {90 x 90 x 6 Angie) 15 slender, therefore the strenpth reduction
ffffff Pt 4l ; factor (BS table %) 1s the lesser of:
829 x 4.0 CHS v | 254 x 1B x 17 UB g 1 19
Fig. 1230 Wind girder, {a [P ) or

vertical bracing -} 25 ; 1 | q_ 4

88.9x 4.0 LHS

Il

P
-
L]

4,14

b4d
—4

and coiumn LED] : * Te Te
conneclion : Fig. 1232 = {.00 or 0.73
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Table 12.9 Addiliona] ioading on disgonal members Local capacity check
Distance from i
bottom: chord 11'_4 x 10 434 =0.022 +0.234 < 1 .00
along dingonal Max, Axig] 260 X201 70201 x69.5
] Length member mument loag
Blember  Sizs {m) {A) B {kNm), Iy
= P — 762 220 T 0.83 363 Member buckling resistance
25 90x%0x6 289 200 - g5 +19,
A .02 . 9.6 e
27 90x90x6 3.8 1.99 — 242 + 05 b=l = X0
29 0x9xE 345, 1.83 — 326 - 53 g
3 9Wx90x6 3384 L7 354 34 + 99 ' 10 x 1730
33 0x90x5 414 L73 346 454 +93 A AT
33 Jx9x6 3.84 1.77 3.54 3.84 + 4.1
3 99 _ y . .
39 100 ?guxxﬁa ;.'?g 130 >0 242 =20 As pj 15 201 N/mm’, then by extrapolation from Table 27(c), BS 5950,
i 100% 100512 2p 200 - e j:?i pPe= 139 N/mm*. Owing to the nature of the compound section and in order to

keep the calculations simple, several safe assumplions are made, so that gy,

This mves a reduced design strength of 0.73 x 275=201 Nfmm®, hence the can be quickly evaluated:

focal capacity check for the 90 x 90 x 6 Angle section is: n=m=L10
E.;‘JE(LQ # =10
Pt T EA oM x =D/T=135/6=23
114 % 10 4.54 Ax =T3/23=3.2 and assunung that N =0.7
ToE<50r T rsm—= = 0.054 + 185 > 1.0 BS table i4 v =08}
10.6 <201 ° 0.201 x 12.2 Arr=10x1.0x08} x73=59
) _ . 2
Therefore, the angic is ngt adequate — the section needs to be inereased B table 11 ps = 168 Nfmm
substantinlly or #ts properties enhanced by compounding it with snother 4% 10 4.54 =0.031+0389 < 1.0

angle. The latter solution 15 the one adopted, as it has the advaniage of 26.1 x 139 * 0.168 x 65.5

Fig. 1233 Details of prmf'idiﬁg support to ihe sheeting rails at the required distance from the .
compound vertical plane of the girder, i.e, 135 mm, If an additional angle is bolted to the Though wind'pressure on the gable {1.09) would generate a larper
scehion for diagonal {see Fig. 12.33), then 1t can easily be removed in the future, at which moment, it can be seen that the compound section has adequate reserves of

diagonal member strength and therefore no further cheek 1s necessary. It can be shows that the
other dingonals when compounded with 3 125 x 75 x 8 Angle are more than
adequate.

The oniy other check that has te be made 15 1o ensure that the net sechional

area of each alternate diagonal (which would result i the future with the

time the onginal end girder m fact becomes an mtermedinte Fame.

'Af 125 % 75 x 8 Angie is_scicclctﬁ, resulting i the compound section shown
to Fig. 12.33, The properties of the compound section now have o be
calculated, ie:

£ 155 X404 4 10.6(13.5 - 2.41)

551106 = 6.96 cm removal of the 125 x 75 x § Angles) can support the loads noted in Table
7 =247 : ’ 2 s 12.6. Such = check ndicates that the members are satisfactory.
== {247 4 15.5(6.96 — 4.14)" -+ 803 + 10.6(13.5 — 2.41 ~ 6.96)°} An alternative to this solufion would be lo increase the size of the

=631 e’

Ze = 631/6.54 = 96.5 e’

L j631
Fx—\[;~ 55—4.925:11

_ 155{1.58 4 0.6) + 10.6(2.41)
F= 761 : =233cm

1, = |67.6 + 15.5(2.33 — 1.68 — {).60)2 + {80.3 + 10.6(2.4]1 ~ 2‘33)21
= 148 cm?

r_@_ /148_238 i
¥ \A_ 761~ 438em B
|
3

diagonals in the end girders and then 1o use short lengths of angles t0 connect
the shecting rails to the diagonais. Alsa, the reader is ferminded that the gable
posts could have been run up past the end girders, but this has the
disadvantage of constraiming the deflections of the end Iailice girders refative
to the other girders.

12.10.6 Corner columns

Unlike the other mam column members, there is lateral loading on the comer
cotunns from the gable sheeting mils. However, the end frames carry oy
half the load compared with that carmned by the intermediate frames. A check

s
i — ik '
! — ‘ V&T;‘"lhia-“"ml"“‘:‘ = WU I\%9 1]
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12.10.7

12.40.7.4

& i
& &

Fig. 12.34 Column base
detnil

would show that the total loading regime acung on the comer columns
represents o less severe condition than that for which the columns were
onginatly destgned.

BDesign of column bases

The column base has to be designed for the factored losds, ansing from the
three design cases:

(A) Fu=00kN: F,= 19176 M =00kNm
B) Fr=160kN; F,=—5L1kN; M =77kNm
(C) Fo=137kN; Fo= 1313, M =66kNm

The values of moment in cases {B) and {C) represent the nominal 10% base
moment aliowed by the code, see clause 5.1.2.4b, BS 5950.

DESIGN OF COLUMN BASE PLATE

The column member 51ze 15 8 254 x 146 x 37 UB. If the base has to sustain a
substantizl moment, then the base piate size should have o mummum
protection of 100 mm beyond the column section’s overall dimenstens of
256 mum x 146 mm, to asllow bolts to be positioned outside the flanges.
However, the base carmnes only o nominal momen? and the usual detail in
these circumstances 15 either to place two holding down bolts along the
newrai axss of the column section, at night angles to the column web, or to
position four bolts just mside the section profile {see Fig. 12.34). The latter
detail i3 to be vsed a5 it affords a certain amount of moment resistance which
would prove useful in case of fire, as well as helping the erectors m
positiomng the columns. Thercfore, make the base pinte wide enough for the
plate to be welded to the column member, 1e. 275 mm x 160 mm.

Ceonsider nitially the loading from design case (A). Using a concrete mix
for the foundation which has # cube strengih of [, =30 N/mm®, the beaning
pressure should not exceed 0.4 x30=12 Nimm® {cizuse 4.13.1, B8 3850)

191.7 x 10?

Bearnng pressure = —ee————
EP 775 = 160

= 4.4 N/mm’

The plate thickness, 1, may be determined ffom the formula given in clause
4.13.2.2, te.

= [2'5"’ {a? — 0.31;1)]
Pyp

As the projections of the base plate beyond the profile of the column section
are mimimal, the theoretical value of 1 would be small. In these circums{ances,
it 1s recommended that the base plate thickness > column flanpge thickness. say
i3 mm thick plate (grade 43 sieel). The welds connecting the column member
to the base-plate need 1o transfer 191,7kN, Assurming that the column 15 fillet
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12.10.8

12.11

welded all the way round its profile then the weld length would be about t m,
hence the required design strength of weld is
192/1000 =0.19 kN/mm), r.e. rominal Size required — use 6 mm FW.

Use 160 mmx 15 mm pintex 275 mim long
6 mm FW

S1ZING OF HOLDING DOWN BOLTS

Where wual koad is transmiutted by the base plate (withoul moment) then
aominal holding down bolts are requured for Jocation purpeses (Section 8.2}
ard reference {13)). In this example, the bolts bave to resist an uplift of
51.1 kN, coupled with a moment of 7.7 kiNm and a nominal horzontal shear
of 16.0kN. Assume four 24 mm diameter bolts, grade 4.6 steel; a smaller
diameter 1s more prone to damage.

Use four 24 mm diameter bolts {grade 4.6 steel)

DESIGN OF FOUNDATION BLOCK

Generally, the design of the foundations for any structure 15 dependent on the
pround conditions that exist on site, the maximuem ioad conditions that ¢an
anse from sny combination of loads and the strengih of concrete used.
Therefore 1t 1s imporiant that the engmeer has data regarding soil conditions
or some reasonable basis for estumating the soil eapacity. In this example, the
soil bearing pressure has been stated as 150 KN/m? (Section 12.2), This s a
permissible pressure and current practice for foundation design is based on
serviceability conditions, i.e. working load level. Therefore, for the two load
cases {A) and {C) {see Section 12.7.1), the paruial load fictors are made equal
to unity, re. the loads for these cases become:

fA) L0 wy+ 1.0 w — muxnmum beanng pressure under
vertical load
{C) 1.0 wa+ 1.0 w;+ 1.0 w,, — maximum beanng pressure under

combined verical and horizomal ioads

However, the third 1oad case (B) must be examuned, because it produces the
maxymum uplift condition. The partial load factor for the wind load must be
the largest possible, so that a foundatton block eof sufficrent wesght can be
selected to counter balance any uplift force, e,

B8) Lowy+14w,
Clause 2.4.2.4, BS 5950 states that the design of foundations should be m
accerdance with CP 2004 and be able to accommodate ail forces imposed on
them. Usually, foundation design is governed by gravity loading, bui i this
example, the uplift force n the mam coluwmns 15 sygnificant. Clause 2.4.2.2,
BS 5950 mdicates that factored loads should not cause the structure
{including the foundations) to overturn or lift off its seating; that1s, the
wetght of the fourdation block must be sufficient to counter balarce any
uplift force. Therefore, it might be prudent o proportion & mass concrete

— maximum upiift condition
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Fig. 12.35 Foundation

foundation block, based on the worst uplifl condition, i.e. design ease ®)
{wind blowing on the side walls) {see Section 12,7.1.2) and then check the
resulting foundation block si1ze against the other cntical design cases. The
loads for design case (B) are:

Fuo=10{109+61.7 x0.5) - 1.4(753 x0.75+39.3 x0.25)
=—3L 1 kN (uplift)
F, =16.0kN

Taking the specific weigiit of concrete as 23,7 kN/m®, the minmum volume
of mass concrete necessary to prevent uplift of the column member 15
5L1237=216 m* Abase of .7 mx 1.7 mx 0.9m thick, which has 5
volume of 2.60 m?® and weighs 61.6 kN, provides sufficient mass. Assuming a
spread of the vertical load of 45° through the concrete from the edges of the
base piate to the substratz, then the block provides 1.7 x 1.7=2.89 m? of
bearing area. The 45° spread line should cut the vertscal sides of the block,
otherwise the depth of the block has to be increased. In this example the
block appears to be adeguate, 1e. 0.85—0.14=0.6!m < 0.90m fsee

Fig. 12.35a).

125.0 &N
4124 mm dia. HD holts
® 700 m tong 0.250m
E - o TN
. E s N
=Sl & A ETI
: J = ~ =
K4
iTmx17m bt e
base area

{a} Inilial concrate base size {b} Design case (A}

81.14N 1084 kN
I .
16,0 kN —i 1] 5 &N ﬁL 4.7 kim
685 kN 68.5 kN
L i SUS—— R A——1
—»LL—U.IHSm —)——L— 0192 m

le} Design case (8] 1) Design case {C)

However, the bearing pressure has to be checked for the compigte design
case (B}, 1.e. uplift, together with the moment generated by the honzontal

shear {16 kN) at the bottom of the block. If the resultant soil bearing force lies
within the middie third of the block, i.e. not more than L/6 {=0.283 m) from
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10m

the centre line of the base, then tension will not occur at the eoncrete/soil
tnierface. In order to achieve this condition, the column member needs 1o be
offset a horzontal distance y from the centre line of the base, Le.

160%x09 -5 xy

< {
6l 571 S028m

y20.224nm say 0.250 m

This means that the 45° spread does not cut one of the vertical sides of biock,
1.8 (0.854+0250.14)=096m > 0.0 m. Therefore, the depth of the block 15
wicreased to 1.0 mi, which results i a block weight of 635 kN,

By taking moments about the centre line of the base, thie poiat at which the
restitant force acts at the concrate/soil nterface can be determuned, e

{16.0x1.0—51.1 x0.25)/(68.5~51.1)=0.185 m

from the base centre line (see Fig, 12.35c) and therefore the base 1s adequate
for this loading case. Figures 12.35(b) and 12.35(d) show the loading for the
other two cases (A) and {C).

Check that the praposed size 15 satisfactory with respect o these other
design cases. First, examune the design cage (A), the loads for which are:

Fy = 1.0010.94-61.7 x 0.5)+ [.0{166.5 x 0.5) +68.5
=125.0-+68.5=193.5kN
Fh ={10

As this represents the maximum vertical foad condition, the mummum soil
beaning area requured is 186.6/150=1.24 m2 The block provides
L7%x 1L.7=2.89 m® of bearing area, which 1s more than adequale. The
resuitant force on the base acts at a pomt 125.0 x 0.25/193.5=0.16] m (see
Fig. 12.35D), '

Fimally, the design case (C) (i) (wind blowing or the side walls), which
produces the maximum honzontal shear condition, has to be checked:

Fy = 10109 +(61.7 4 166.5)0.5]~ 1.0{42.6 % 0.25 + 6.6 x 0.75)+68.5
=084+ 68.5=[77.9kN

Fr =L{0.95x0.59 % 6.0 < 6.8)/2=1] 5kN per celumn
M =6.6/ld=4TkNm

Faor this loading case, the resultan! force acts through a point
(1094 x0.25~4.7+11.5 x L.OVIT1.9=0.192 m from the centre line {see
Fig. 12.35d) and therefore the foundation block 15 satisfactory,

[t should be noted that the assessment of the forces in the vertical bracing
system (Section 12.8.3.3) indicates an additional Factered uplift force i the
penultimate colurmns {see Fig. 12.19a), Le. — 50.6 kN, The foundation biocks
for these particular columns have to be made larger than that just calcuiated
for the nomnal conditions, but agam the uplift condition controls the design,
re. ~{5Lt+50.6)=—101.7kN, Use a 22 mx 20 m x i.0m base, which

Fig. 1236 Foundation block - weighs 104.3 kN, However, i this case the column need only be offset
penultimate frame  0.15m from the base centre line (see Fig. 12.36). Also, this non-standard
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block has 1o be checked for the normal conditions {excluding bracing force)
in anticipation of the building being extended. Further calculations would
show that all the design conditions are sausfied. The foundation pads for the
guble posts can be designed in a similar mansner.

OTHER CONSIDERATIONS

Both examples of siagle-storey construction reviewed in detai) deal
essentally with the basic design of the structum} members for standard
arrangements, i.e. latice girder and column construchion i this chapter and
poral frame coastruction m Chapter 13. In practice, it can be said that
generally Lhere are no *standard” buildings, as each client has different
tequiremnents, Thongh they will not be discussed in detail, the reader shouid
be aware of other considerahons which might affeet the baste design.

For exampie, many single-storey buildings serve to house goods/matenals
or enclose Jarge stores requinng the movement of large velumes of goods,
being both delivered and dispatched, The desigm examples do not specifically
deal with Faming of doorways, large access openings, of the effect of loading
bays (with or without canomes). It 15 essential that clients define their
requirements as early as possible, preferably no later than the design stage,
otherwise late alterations can radically affect the structural arrangements and
therefore cosls.

Loading

Common types of loads whieh can be imposed on 1o a stngle-storey building,
and which could significantly 1nfluence the design, wclude ventilation
extractors, crane loading and drified snow. Extractor units are usually located
on the roof, near the ridge. Generally, these exiractor unils redquire & spectal
framing (trinumer) detail in order to transfer their own iocal load to the purling
and hence to the mam frame, The main frame wself is rarely sffected.

Occasionally monorails sre requsred to be hung from the roof members,
thereby imposing local concentrated loads on particular members. Light 1o
medium erane girders can be supported from the mam columa by means ofn
bracket {see Section 8.6). However, for medium to heavy girders it may pe
more economic to support the mirders directly; that is, another column 15
positioned immediately undemeath the crane girder(s) and battened back o
the main column leg, thereby eliminating a large moment from acting on the
mam column.

A trend in recent years hias been the use of a fagade or parapet at eaves
level, in order to hide the sloping roof and gutter detat]. The disadvantage 18
that #t provides an effecuve bamer whereby drifting snow can cause a iocal
accurnulation of snow 1n that region. Multi-bay structures also create
conditions that lead to snow drifting mio the valleys between bays; see
reference {3).
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When desigmng the gutters, the engineer must enstre that the gutter size 1s
adequate and that the outicts can cope with the expected volume of water.
Badly destgned outlets have been kpown to cause averflow problems; see
references (11) and (12) for guidance.

Deflections

BS 5950 recommends Hmitations o deflections for most buildings, but
specifically does not give guidance for portal frames. Though deflections for
the normal pitehed portal frame used in practice do not usually cause any
problems, the designer should be wary of non-standard frames, especially if
they are relatively tall. The reason for deflection limnis 15 ko prevent damage
to the cladding or other secondary members and fo avoid psychological
unease of the chient or employees. 'Excessive’ deflection does nol necessarily
indicate that the building 1s unsafe 1n a structural sense, Le. deflectons not
ascceptable to the client might be acceptable to the structural engmeer. The
dessgner can always offsef a predicled downward defllection due to the effect
of dead + imposed loads, by deliberatety intreducing an upward camber af the
fabrieation stage, The deflectton itself is, of course, unchanged.

Another problem that possibly could anse 15 pending. Ponding 15
associated with shallow flexible roofs, where even ‘dead {ead’ deflections are
sufficient 1o create a holtow on the roof surface, mcreasing in SIZe as
ramwater 15 collected, This can lead to leakage of the water inio the building,
which might prove costly. Alse, if a building 15 subjected to constant
buffeting by wind forces, then the ciadding mght suffer frem low cycle
failure resulting from cracking of the cladding along its crests or troughs.
Asbestos or asbestos substitute cormugated sheets i existing buildings are
more prone o this form of damage, as the sheets become britle with age.

Fire

Normaliy fire protection 15 aot required by Building Regulations for sgic-
storey buildings, unless there 1s a potential fire nisk ansing from a particular
use of the building or the building 15 located within the fire boundary of
another person's property. If it becomes necessary to control the spread of fire
to structural members, then the SCI puidance regarding fire boundary and fire
protechon should be readt™™, being particularly relevant to portal frames. The
function of any fire protection 15 to allow the oceupants to escape witlip 2
specified penod of time, e.g. one kour, There are vartous methods of
producmg the requured fire ratmg for a building, which is dependent on the
use of the building. Most of these methods are passive, Le. they delay the
effect of fire on structural members, However, one method which might have
iong term fnancizl benefits 15 the water sprinkler system. As this methed is an
active system (atlempts to control the fire), lower insurmnce prepuums msght
ba negotiated. The disadvantage 15 il the building has o be designed to
accommodate the additional loading from the mpe network supplying the
water to the wdividuat sprnklers i the roof zone. Also, if the mpes have to
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be supported ecceniric to the plane of the Supporting members, then the
torsional moments acting on the supporting member must be taken 1nio

account,

|
12.12.4 ‘Corrosion
i

Generally, for most single-storey Stractures, omosion is not a problem gg the
steebwork is contained within the ciadding envelope. The minimurm Statutory
teniperature requirements are sucl that the ambient condilions mside a
modern building tend to be dry and warm, whici are not conducive io the

propagation of corrosion

and therefore any internal steelwork oaly needs 5

nomnal paint specification, unjess the function of the building is such as o
Eenerate a corresive atmospheret'S)

.

12.12.5 | General

The desigrer shouid alwrys bear 10 mund the erection process and elimenate
at the design stage any difficulties which could arise!'®?, Also, he/she shoutd
be aware of the limitations o length, width and herght of structural steefwork
which has to be transported by sea, rail or road™

Finally, the reader 1s advised 1o consult copies of references ¥ angd 8
which numerous construction details for different forms of single-storey
buildings are graphically iliustrated.
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DESIGN OF SINGLE-STOREY
BUILDING ~ PORTAL FRAME
CONSTRUCTION

INTRODUCTION

An alternative, economic solutton to the desizn of a single-storey building 1
to use portal frame construction'!? {see Fig. 13.1). Therefore, the building
desipned s the previous chopter will be redesigned, replacing the iattice
geeder and column framework by a portat frame. However, the selection of
cladding, purtins and sheeting rails, together with the desym af bracing, witl
not be undertaken m detnil as these member sizes will be similar to the
corresponding members for the previous solution based on iatmce girder
construction. The onty fundamental change to the structural arrangement iS
the direct substitution of the latisee pirder and column by a portal frame. This
chapter deals basically only with the design of the portal frame together with
the gable framing, which is different from that used in Chapter 12. Therefore,
detsiled desipn of other structural members 1r the building can be obtamed by
refernng 1o the approprinte section m the previous chapter.

Though the steel postai frame 1s one of the simplest structural
arrangements for covering A given ares, the designer probably has to satisfy at
least as many different structural criteria as for more complex structures. In
essence, the portal frame 15 a ngid plane frame with assumed full continuity
at the intersections of the column and rafier (roof) members. In the followiag
example, 1t will be assumed that the columns are pinned at the bases. This 13
the rommal practice as the cost of the concrete foundation for fixed buses
{owing to the effect of large fixing moments) more thaa offsets the savings I
matenal costs fhat result from designing the frame wath fixed feet M Indeed,
the pra-based portal frarme represents the econamic solution i virtuaity all
practical design cases. However, fixed bases may become necessary with tall
portal frames as a means of limiting deflections.
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Fig. 13.1 Typical portal
frame
construction

13.2

13.3

DESIGN BRIEF

A client requires a similar single-storey bailding o that described in the
previous chapter (Section 12.2), 1.e. a clear floor area, 90 mx 364 m

{see Fig. 12.2), with a clear height to underside of the rool steelwork of 4.8 m.
However, in this case the client has decided that there will be no extension of
ihe building in the future. The building s also to be wsulated and clad with
PMF profiled metal sheetng, Long Rib 1000R, and the slope of the rafter
member 15 o be at Jeast 6°. The site survey showed that the ground conditions
can support @ bearing pressure of 150 kN/mm” ai 0.8 m below the eusting
ground level.

DESIGN INFORMATION

Though the design briel specified at least G° it las been decided to make the
stope at least 10° so that the sheettng ean be laid without special stnp mastic
iap senlers, which are necessary for shaliower siopes in order to prevent
capillary action and ramn leakages mto the building. If it 15 assumed at this
stage that the depth of the column 15 0.6 m and the distance from the
undergide of hausch to the colums/rafier intersection ts 0.7 m, then with
reference to Fig. 13.2:

Span of portal frame (L=364+0.6) =370m
Centres of portz] frames =60m
Height to eaves wntersection () = 4.8 4-0.7) =53m

Height 1o eaves of apex
Actua} siope of rafier

[z = (37.0tan 10°)/2] =3.4 m (say)
8 = tan—!(3.4/18.5)} = 10.41°

The impased load {snow) 15 0.75 kN/m® on plan, which gives an equivalent
inad 0f 0,75 x cos B =0.75 x 0.984 = 0.74 kN/m? on the slope alang the rafter.
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Fig. 13.2 Design
snformation for
propostd portai
frame

351 %N
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W

~ Tem
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TI'hc use of an equivalent load makes due allowance for purlin spacing whic,

15 usvally caleulated as a slope distance. As this building is to be located gy

the same site as the building designed in Chapter 12, then the design wind

pressure 1s identical, i.e. 0.59 kN/m”. The self weight of the PMF profile Lang
. Rib I000R, plus wsulation, 15 taken as 0.097 kN/m?.

DESIGN OF PURLINS AND SHEETING RAILS

The design of the purlins and sheeting rails & virtually identical to the
corresponding members in the lathice girder and cotuma consltruction, apan
from the equivaient snow load aiong the rafler froof member) being

0.74 kN/mm?, giving a factored combined load {dead + snow) of 1.32 KN/m?,
Therefore, the same cold formed section, Ward Muitibeam P175140 has been
selected for the purlins and the R145130 for the sheeting rails (Table 12.1),
for the reasons noted in Section 12.5. However, a stightly reduced purlin
spacing of 1.5 m {on slope) from that used in the previcus example is
assumed in aaticipation of an effective restraimt bemng required at haunch/
rafter intersection (see Fig, 13.12).

Agam, the jomnis of the double spanning purlins/rails are assumed to he
staggered across each frame, thereby ensuring that each miermediate portal
frame receives approximately the same total loading via the purlins, The self
werght of the selected purlin section is found 1o be 0.035 KN/m and hence the
“average’ load (unfactored) being transferred by each purdin 1s:

Snow load 074 % 6.0 x 1.5 =6.66 kN
Sheeting and insulation 0.097%x6.0x1.5 =0.87kN
Self weight 0.035x6.0 =0.21 kN
Total load supported by purlin =774 kN

Therefore, the ‘average’ end reaction per purlin 15 3.86 kNN,

SPACING OF SECONDARY MEMBERS

Spacmg of purling {or slope) [.500m
Spacing of purlins (on pian) 1475 m
Spacing of sheeting rails — see Seetion 13.8.1.1

In this exampte 1t has been assumed that the client did not reguire a parapet
round the perimeter of the building. Frequendy nowatdays, & parapet 15

VeD-Obumn
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provided to mask the visual effect of a jong sloping roof, thereby making the
building appear 10 be box-shaped, i.e. fiat topped. This usuaily done by
extending the side cladding above the gutter tevel, say 1.0 m. Verticai
members attached to the top of the external portal legs support this cladding
and would be designed to resist the wind load on the cladding. The
disadvantage of the parapet 1s that it can cause snow drifting local to the
zavesfhaunch area of the roof. Snow drifting can also occur i the valleys of
multi-bay portal frames or when one frame is higher than 115 adjucent Fame,
The additional snow load dug to drifting can be evaluated by using the
guidance outlined in reference (7). This snow Joad has to be transferred to the
mamn frames in the eaves/haunch area via the roof sheeting and purlins. The
usual solution is to decrease the purlin spacing, so that the same sheeling and
purlin size 15 mamtawned over the entire roof. The effect of this additicnal
snow load on the portal frame 15 munimal, re. 1t causes virtually no change in
the free moment diagram.

DESIGN OF PORTAL FRAME

Since the mid 19505, portal frame consteuction 1k the Umted Kingdom has
been widely based on the principles of plastic design deveioped by Baker and
his team at Cambridge™. By taking advantage of the ductility of stect, plastic,
design produces lighter and more slender structural proportions than similar
ngid frames designed by elastic theory (4}

Gravity load condition

Most portal frame designs are governed by gravity fdead +snow) loading,
and by applying plastic design principles, general expressions for the plastic
moment capacity (Af,) of a uniform Frame can be denved™ ™ for both pinned
and fixed base conditions, in the design of the modem haunched porta frame
with pinned bases, the wnitial step is 1o estimate the plastic moment capacity
of a uniform frame {no haunching} with pinned bases.

With reference to Section 13.3 and Fig. 13.3, the appropnaie expression
for a pmned base frame' is;

L !

8 [(T+%/2) + I + 5]

where &k =ih; =3.4/55=0618
wy =self wesght (i.e. rafter) + cladding + purlins {on slope)
=[0.88(est) 4 0.097 x 6.0+ 0.035 x 6.0/1.5] = | &0 kN/m
w; =umpased load (i.e. snow) {on slope)
=0.74 % 6.0=4.44 kN/m
™ ={ldwy+ 1.6w)Licos 10.41° {on plan)
=14 x LE0+ 1.6 x 4.44) 37.0/0 984 =351 kN

351 x 370 1
8 [(T+0.309) + J{1 + 0.618)]

M, =

My = == 829 kNm
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Fig. 13.3  Typcal moment
distribubion for
haunched portal
frame

Haunched zone

: k: ,

M, X X

tb} Net bending mosment diagram

It 15 ymportant to note that the value of A, has been determined for a rigid-
josnted plane frame without requinng any poar knowledge of section
properties, unlike elastic design. The design of the structural steelwork s to
be based on grade 43 steel being used throughout the project. (The vse of
higher grades of steel would produce more slender frames, which counld lead
to difficulties with respect to stability and deflections). Therefore, at this stage
of calculation assume that the design strength {p,) 15 275 N/mm?; then the
plastic modulus required is:

Sy required =A/p,
= 620/0.275=2287 e’

This would indicate that a 533 x 210 x 92 UB secuon (5,=2370 cm®)
coutd be chosen, assuming that the frame has a constant section throughout
its length. However, the secthion must be checked to see whether or not it can
sustain plastic action. Refernng to the SCI guide, p.iSOfﬂ, the section is
designated as & ‘plasne’ section, ie. the section 1s capable of adequate
rotation at a plastic hinge position without local flange tuckling developing.

However, the most cost-effective arrangement for portal frames with spans
greater than 15-20 m 15 to haunch the rafier member in the eaves region™,
thereby allowing a lighter (in weight) section to be used for the rafier thaa the
cobumn; that ss, the rafier size, for the major part of the rafier, can be reduced
heiow the section based on the frame having a constant cross-section, while
the column section would probably need to be increased in size to
compensate for the increased moment at the enves. The resulting design
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becomes more structurally efficient, Also, as the rafter member is generally
much longer than the combined length of the column members, the frame 1s
mere eCONaMIc,

There are 2 number of different methods by which portal frames can be
analysed using plastic theory®?_ One method commonly adopted by the
construetion mdustry for frames with pinned bases'™ is used for this example.
The design procedure is to select a suitable member size for the rafler.
Beanng i mind the section previeusly cbtamed for a wiform frame
{533 x 210 x 92 UR), try the section 457 x 191 x 67 UB (S, = 1470 em™),
noting that this is also a ‘plastic’ section'®. (Note that when the only hinge i
a member is the iast hinge 1o form, then the member need only be compact,
r.e. it requres the capability to form a hinge, bui rotahion capacity 15 nol
essentizl). At this stage, the effect of axsal load on the moment copacity
of a rafter member for a normal pitched roof portal frame can be neglected.
{For other forms of frame, such as a ted pumﬁ(:‘),. 1t could become
significant.) The plashe moment capzcity of the rafter member 18

1470 x 0.275=404.3 kNm.

Tt should be noted that the expression for A, given previously, was
derived by assessing the true position of the ‘apex’ hinges {see g, 13.3),
Yased on the assumption that the total factored vertical loading s uniformly
distributed™ {For a frame with at ieast [6 purlin pomts, this assumplion is,
for all intents and purposes, accurate.) In pracuce, however, the actual
pasition of the *apex’ plastic hinges m the mfter 15 controlled by the purlin -
spacing, smce these hinges will develop at particular purlin supports, Le.
comcident with the application of the point loads on the refter member. if the
haunch is to remain elastic (by domng so, i could help with member stability
wi that region), assume that the hinge positions oceur at the column/hannch
mtersection {in the column) and near the apex.

For the gravity loading condition (dead + snow), expenence has found that
the ‘apex’ hinge usually oceurs at the first or secand purlin support down
from the apex purin (cf. wind condition, Section 13.6.2).

Assuming that the hinge will form at the second purlin support from the
apex {pont X), then take moments about, and to the left of the tefi-hand X.
As the plastie moment at X is known {404.3 kNm), then with reference to Fig.
13.3, the value of R {the horizontal thrust at the pinned base) can be
ealculated from the resulting equilibnum equation:

My = = [(LF2 — 2+ b+ (1 = 2/ LR

L=310m :
hy=55m i
Jy== 34m ;
= 295m
w* = 351/37.0=550kN/m ] :
950, o .o e .
—404.3 = —--—2—[13.5 — 2958 4 |5.5 4 (1 — 5.9/37.0)3.4iR

= —1584.4 + B.358R
R = (1584.4 — 404.3)/8.358 = 141.2kN
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Making the assumpiton that a plastic hinge will cccur at position B, ¢
level with the underside of the iaunch, see Fig. 13.3, then the requred piastjp
medutus for the column member can be readily determined by taking
moements about and beiow B, 1e.

Mo = (iy — a)R
where  a 15 the distance from B to B, = 1.4D, {estimate}=0.64 m

Mpe =(5.5 — 0.64)141.2 = 686.2 kNm
Ses =686.2/0.275=2495 cm®

Though there seems 1o be a choice between 2 533 x 210 % 101 UB or a
610 %229 x 101 UB (both arc ‘plastic® sections ), the fange thickness of
the former section (17.4 mm)} 1s such that the design strength would have tg
be reduced to 265 N/mm?* (see BS table 6). In any case, the second choice
grues o better plastic moduius and incressed stiffness for an ideniieai weight,
which could prove useful 1n controlling eaves deflections. Mow check the
adequacy of the frame by using a 457 % 191 x 67 UB for the mfter and a
618 x 229 x 101 UB for the column member.

First, the full plastic modulus of the column section needs to be reduced 1o

“take account of the axial load in the column member, 1e.

Sy =2280 — 3950 1°
n =afdp,

& =adequacy factor (see below) - esttmate 1.1

{reference 6)

As the weight of side cladding and mils generally affects the lower portions
of the column, 1t 15 not included in F.

Jo =FA =351 x 10/(2 x 129) = 13.6 N'mm?
n =11 %13.6/275=0.05
8.y =2880 — 3950(0.05 =2870 cm®
Mpe =2870 % 0.275=789.3 kNm

The adequacy factor (&} widicates the strength of the frame as desipned
compared with the mmimum design strength necessary to produce a safe
design, and hence must not be less than umty. Therefore it is essental to

-check the value of the adequacy Factor. This is done by setting up the
equilibnwm equattons by the method outlined in references {2) and (3), 16,
the frame 15 cut at the apex to give three internal releases 3, & and 5 (see
Fig. 13.4). Each half frame acts as a cantilever with its free end at the apex. It
can be shown that due Lo the symmetry of both the loading on, and the
geometry of, the frame, the mtemnal vertical force Sis zero'™

This leaves three unknowns, Af, R and a to be determined; therefore three
independent equilibrium equations are necessary. As the net moments a1 the
positions A, B, and X are known, t.¢. zero {pinned base), M), and M,

respectively, equate them to the combined effect of the internal and external

moments acting at those pomts, Also, knowmg botl the column and rafier
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sizes and anticipating that the haunch depth {D;) will be 900 mm (sec Fig.
13.18), then the correct value of @ can be determined by the following
EXpresston, e,

Dy + D s 9] = 500 — [453.6 + 602.2 sin 10.41°

=Dy — = 0.61
=Dy [ Zcosd Tcos 10.41° ] "

Hence the exact position of B, can be used in the appropnate equilibnum
eguation. Remeber that X is the second purlin from the apex purlin.

_351x370

A 0.0 =~ - M ~ .90R
7.0
B, 7893 = %370 a0k
35) x 2.952
L 4043 =27 R - 0.54R
O e

Solving these equations gmives:

a = 11083
M = 362.56kNm
R = 16141kN

Note that the values of Af and R mnclude the adeguacy factor,

This particular design produces a 10.8% overstrength i the frame; this
oversirength anses owing ta the range of discrete sizes of sections available
to the destgner. This enhanced capacity of the frame will be used throughout
the remmning ealcuiations, i.e. the design will imciude the factor 1.1083 so
that the frame will effectively be capable of carrying 1.1083 x 357 =389 kN,
This allows the client to take advantage of this everstrength in the future
without any additional cost. However, 1t can be argued (usually by designer/
fabricators) that in spite of the oversirength of the frame, ali subsequent
design checks {member stability, connection design} should be undertaken at
the design load level, ve. &= L.0. This approach 1s acceptable, provided the
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Fig. 13.5 Moment
distribution for
deadt plus
umposed load
condition

correct moment distribution for that load facter 1s used in the design
caleulations. Tt 18 incorrect to use the moments determined by taking the
moment distribution obtained at failure (= 1.1083) and dividing by 1.1083.
The general expression for calenlating the nel moment al any position
plong the rafier for the hall frame, shown in Fig. 13.4, 18
1.1083 % 351 , .. 34 xi6l.di
Me=—S5puz * TS

= 5.2569x% — 29.665x — 362.56

Mow the assumed position of the *apex’ hinge has to be checked by
evaluating the net moments at the purlin supports immediately adjncent to,
and on either side of, the second purlin (hinge position), using the expression
for M, Le.

My ==5.2560 x 14757 — 29.665 x 1.475 — 362,56 = ~394.9kNm
A, =5.2560 % 4.4257 — 20.665 x 4.425 — 362.56 = ~-390.9kNm

As the moments af the purlin supports on cither side of the second purlin are
less than the moment (404.3 kN m) at the assumed plastic hinge position near
the apex, then the assumption 15 corect,

Mexi, the fengih of the haunch needs to be determmed so that the hanach/
rafler intersectton remains just elastic, b.e, the moment at the mntersection 1s to
be less than or equal to the yield moment M, {= p,Z.):

0275 x 1300.0 = 5.2569x % — 29,663x ~362.56

Hence xr=1486 m.

Therefore the memmum length of haunch from the column centre-line 15
18.50 —14.86 =3.64 m. By increasing the required haunch tength by 0.11 m,
it aliows the haunch/rafier mtersection te coincide with a purlin support
position {some 14.75 m on plan from apex) which might prove wseful when
checking the adequacy of the haunched rafter against member instability,
This means the actual haunch length, as measured From the column flange/
end plate mterface 15 3.75-0.30=3.45 m.

Now draw the bending moment diagram to check that nowhere does any
moment exceed the local moment capacity of the frame. Also, the resulting
information will be required to enable checks on member stability 1o be
underiaken. The resulting net bending moment diagram for the gravity
fonding condition (dead + snow) 15 plotted on the tension side of the frame m
Fig. 13.5.
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[3.4.2 Wind load condition

In etastic analysis, the analyses from different loading cases can be added
together. However, because plastic analysis deals with the fimal collapse state
of a structure, each loading pattemn generates its own unigque failure mode,
Therefore moments and forces from mdividual analyses cannot be added
topether. As a result, the dend-+ wind loading condition has to be analysed
separately.

The basic wing pressure (g) of §.59 kM/m? s atready been established
(Section 12.4.3). Knowing the slope of the rofter 15 10.41° and that
Wi ==8.9/37.0=0.24 and Vw=90.0/37.0=0.43, then the extemal
coefiicients for the roof are—1.2 (windward) and — .4 {leeward)®. These
coefficients, when combined with the more onerous of the memal pressure
coefficients (Section 12.4.3) result in roof wind suctions of §.4gand 0.69

(Fip. 13.6).
14q 8.6g
\ 4
!
Fig. 13.6 Net wind
pressuze 0.500 —~—— . Y
cocfficients : ———

The design case to be considered in order to maximize the wind uplift 15
1.0wg+ 1.4w,, (BS table 2). It 13 now necessary to cafculute the vanous purlin
and sheeting rail loads, in order to establish the total loading pattern acting on
the porta! frame. For example, the vertical and konizontal components of load
for typrcai purlins on the roof are:

Dead load  vert. load =1.0x 1.60x 1.475/cos 10.41° =240 kN

Wind lood {(windward):
vert. component =14 x 14 x 059 x 1475 x 6.0 = 1023 kN
honz component == 10.23 x3.4/18.5 =1 BBkN

Find load {leeward):
vert. component = 1.4 x 1.6 x 0.59 x 1475 x 6.0 =4.39kN
ponz. component =439 x3.4/18.3 =081 kN

The wind loads for other purlins and sheeting rails can be determined ina
stmilar manner, using the net pressure coefficients grven i Fig. 13.6. The
factored loads (dead+wind) for the compleie frame are shown m Fig. 13.7.
Assume the collapse mechamsm showa ir Fig. 13.8; that 15, hinges are
deemed to oceur at the fourth purlin (X) down from the apex purlin on the
lefi-hand side, and at the rafierbaunch intersecnon (D,) on the nght-hand
side of the frame.
Unlike the previons aaalysis, four independent equilibnum equations are
required, ns the loading 15 non-symmetrical and therefore Swill not be zero:
0.0=—103%1a+Af +8.900R—18.508
—404.3=  —96.50-+M + 1.084R - 5.908
4 4043= —1578a+M +2. 710K + 14.758
0.0= ~339.8a+M +8.9008 4+ 18.505

w0
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Fig. 13.7 Loading on
frame for dead
+ wand load
condition

Fig. 13.8  Collapse
mechanism for
dead -4 wind
load condition

Fig. 13.% Load-nopex
deflection for
both load cases

Aw=2375) - see broken line.
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Selving these equations pives:

' a =2375
M =-192.68 kNm
R =—]6231kN
$= d44.89kN

Clearly, the adequacy factor for this load condition is higher than that of
the dead + snow load condition. This means that, i order to be consistent
with the joad levei achieved with dead + snow loading, checking the portai
frame design for the wind case need only be exccuted at 3 joad level of 1.108.
Figure 13.9 indicates the load levels at which hinges develop for the
mechanismg associated with the bwo leading cases being discussed, It is clear
from the diagram that at a load level of 1.108, no hinges wil] have formed in
the frame for the dead + wind case, i.e. the fiame remains elastic at that load
level.

Hence the moments and forces which are required for the purpose of
ciiecking member stability and connection destgn can be obtained from an
elastic analysts, using a design loading equai to 1.108 x factored loads. The
bending moment diagram from such an analysis is represented by the solid
curve n Fig. 13.10, as well as the bending moment diagram at collapse

- Dead + wind
2
g
[x3
2
= Daad + imposed
El
=
o
=
< : .
- Transient hinge occurs at 0.986
i | { 1 i 1 i t 1 L
0 20 4t 80 80 007

Apex deflection {em)

OCUR. WeD-0puf
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Flp. 13.10 Moment
distribution
for dead + wind

13.6.3

Mosmant values toz a= 1,108

—— Eiaslic state a=1.108
—~= Collapse mode = 2382

Coiumn moments

The bending moment diagram iflusteates that the frame 15 subjected to
reverse conditions under the dead + wind load case, eompared with those for
gravity load condition (cf. Fig. 13.5). Therefore, member stability and
connection design will also need to be checked for the wind loading
condition.

Computer analysis

Nowadays, current practice 1s-lo analyse and design portal frames by means
of dedicated computer software. A plastic analysis of 2 portal frame can
readily be executed by a number of commercial systems on the market, s
well as numerous versions developed by mdividuals for their own use. Those
particular programs that analyse the final collapse state directiy, Le. linear
programenng (optimization} methods or predetesmimed pattern of hinges
selved by equilibrium equations, will give a correet solution for the
conditions analysed. However, there 15 a class of plastic analyss Programs
based on the modified stiffness matnx method™®, which unless correctiy
programmed can produce false solutions.

With the modified stiffness method, the faciored loads are mereased
proportionally from zere until somewhere in the frame the elastuc moment at
2 potentral hinge pasition equals the iocal A, value. The stiffness mainx af
the member 1z which the ‘hinge’ forms is then modified by replacing the
appropriate ‘fixed end’ condition by a real pm, sustamming an mtemal moment
equal to M,,‘g’ This stmple device allows the ‘hinge’ to rotate while
sustaimng a moment of Af,. A shape factor of umty is impiied, i.e. the hinge
pesition behaves elastically up to the moment A, when it becomes mstantly
completely plastic, as 1s assumed in simple prastic theory™% It should be
noted that this mtermnal moment remans ‘locked’ at this local vaiue of M, for
the rest of the analysis.

The analysis continues with tncreasing load, modifying the stiffness of
appropriate members every hime a new hinge forms, untif such ime as there
are sufficient hinges to produce a mechanism. The advaniage of this method
15 that the analysis provides the sequence of hinge formation, white indicating
the load level at which the mdividual hinges occur, The toad level at which a
mechanism 15 produced 15 1n fact equal to the adequacy factor, «.

However, ualess the modified stiffness method has been programmed 1o
allow the moment at zny defined hinge to unioad, 1.e. as the Ioading continues
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Fig. 13.11 TFrans:ent
plastsc hinge
congition

Fig. 13.12 Transient hinge

eondition —

moment
distribution

to increase, the moment at the *hinge’ posstion mught reduce below the
“Jocked-in* value of A, then false solutions can result. The dead + imposed
londing condition for the current desiga will be used to demonstrate this
potennal problem.

The proportions of the frame, particularly the hausch leagth, together with
the selected member Sizes are such that the frst hinges to *form’ dunng o
plastic analysis (using the modified stiffness method) oecur at the hauncly
rafter wtersections. The two hinges form simultanecusly at B, and D owing
io the symmetry of both the frame and joading, as mdieated by Fig. 13.11a).

fa} Mechianiam - dalse solution {b} Mechanism - true solution

X c
- -
""-."~uwu — P = &
8 B,
T Syrmmatrical
| ahoirt
' &
A
______ hinges at B, D,

- —v.—. hinges at Bg, 8,, Dy, Ds - talse solution
hinges at Bs, X, X, Og - true solution

At this stage of the analysis, the relevant moment distribution {chaw-dot line,
Fig. 13.12) is comect, as these hinges, bemng wransient hinges, would actually
develop m the frame before unloading at a higher load level. Loading
contmues to inerease until further hinges develop mn the column members al
the column/haunch mtersections and the analysis stops, mdicating a
mechamsm. However, inspection of the signs of the moments at the defined
hinge positions show that all hinges are rotating in the same sense {see
sppropnate moment distribution {broken line) m Fig. 13.12). This 15 2
physical wnpossibility as a mechamsm canaot form under these conditiens,
e, 1 1s a false solution,

This situation arises because the moments at the first hinge positions {in
the rafter) are ‘locked” and remain constant in spite of the effect of the
additional load. As the loading mereases, the frame tnes to fail as a member
mechamsm berween B, and D, and the moment m the central region of the
rafier sesponds by taking more moment. But as the moments at the already
defined ‘*hinge’ positions remawn at a fixed value, then the *moment line’ 15
forced to pivot about the points B, ard D, causing the moments al the eaves
to wncrease disproportionately, and hence the corresponding moments 1n the

. web-optimiza
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column members (Fig. 13.12). The moments at the column/haunch
mntersechions reach their local values of M, before the hinges can form n the
central portion of the mafier, thereby preventig the development of a member
mechamsm spanning berween B, and D,

However, both the ratio of the haunch length to rafter leagth and the matio
of M, and M, are such that the correct solution s a member mechanmsm
forming ever the length between B, and D, (Fig. 13.11b). From an
examination of the relevant moment distribuiton {solid-line, Fig. 13.12), 1
can be seen that the moments at B, and D, have become lower than their local
A{, values. What would actually happen is that hinges would imtiaily develop
at the hauncivrafter intersections, but as the loxd continued to wncrease these
hinges would stant to ‘unload®, and the corresponding moments would
actually reduce, This unloading would be accompanied by a reversal m the
smaall rotatron that had occurred at these miersections. This “hinge” unloading
allows the designated hinges to develop st the column/haunch posttions,
followed by the apex hinges’, thereby producing a true mechamsm.

This example has highlighted the fact that transient hinges can develop ar
an termediate fozd level and subsequently disappear from the final
mechamsm. A plastic asalysis by direct methods, though grving the comect
sohution, would not indicate the presence of any potential transient hinges and
alert the designer ta possible member instability problems at a load tevel
lower than the design load level, as illustrated by the portal frame design to
date. Referming to Fig. 13.12, t can be seen that the momest conditions 1 the
haunched rafier for the miermediate stage when the transient hinges have sust
formed (cham-dot line) are more scvere than those at failure (solid-ling). It
would be advisabie under these cireumstanees 10 restemn e transient hinge
positions.

The analyncal difficulty expenienced with the standard modified stiffness
method can be overcome. This can be achieved by the simple device of
mcreasing the lacal value of AL, at the wtersections sufficiently to force the
first hinges to form m the column members and not 1 the rafiers, This device
allows the correet mechamsm to develop, but the solution 15 acceptable only
if the final moments at the haunch/rafier mtersections are beiow the
appropate A4, values for the rafier. Also, since the publicatron of the first
edition, commercial analysis/design programs have become availabie that
alipw the unioading of transtent hinges 1o take place, so that the true
mechamsm can be predicted with its accompanying moment distribution.

it should he noted that portal frame designs-based on faise solutons are
mherenily safe 1n terms of strength, as a false solubon would mdicate
‘failure’ at a load facter lower than the comrect value, Clearly, this example.
based on the dead +1mposed loading condition, could be used as a test case
for checking plastic analysis programs. )

Note thai, as with the lattice pirder analysis executed by computer
program, the axal load in the mfter changes ol the purlin postions as each
companent of purlin toading paralfel to the rafier metnber takes effect. 1n this
case, the vanation of sual load ajong the rafier i the viciity of the hinge
position s of the order 1-2%, which wonld not affect signitficantly the local
rafier capacity. ‘
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13.6.4 Elimination of transient hinges

1t has already been noted that the occurrence of a transient hinge during the
formation of a cellapse mechanism does not affect the load level at which a
frare *fails’, Nevertheless, as the example demonstrates, & more severe Siregs
condition might ex1st at 2 lower load level (at which transient hinges develop)
than that whick cccurs at Failure, resuiting possibly 1n premature member
mslability. Although a transient hinge would not be expecled to develop
significant rotation capacity pror fo the unioading process starting,
nevertheless, the haunch/rafler mtersection should be festrained. A member
i stability check of the haunched regien (based on the methed outlined in
Section 12.8.1.2) would indicate that the haunch is unstable, even when
effectively torsionally restratned at the ends.
. Therefore, in order to reduce any potential stability problems, the fame 15
-tedesigned to climinate the transient hinges. This can be achieved by
mnereasing the mfter size and/or reducing the haunch length, which would
mberently result in lower stress levels in the haunch. The rafler size 15 10 be
mereased to a 457 x 191 x 74 UB section. The revised porial needs to be
reanalysed using the same procedures as outlined for the onginal frame
configuratton.
i {
13.6.% Anaiysis; of revised frame

Member sizes:

eolummn section 610 x 229 x 161 UB
rafier sechion 45T x 191 x 74 UB

haunch 457%x191x 74 UB
M, = 1660 x 0.275 =456.5 kNm
n o= | 14 x13.6275 =0056

8, =2880—3950(0.056)° = 2868 cm®
My = 2868 x 0.275 =788.7kNm

By increasing the rafler size, the haunch will become shorter in length,
therefore the onginal purlin spacing is adjusted from 1.500 m to }.525 m on
slope {1.500 m compared to 1.475 r on plan). Assuming the same hinge
positions, as for the orginal frame, and with

a=06]m

the equilibrivm equations become:

: 351 x 37.0

Al 0.0 = o — M — B.I0R

35 = 370

B 788.7 = oA - 4.01R

351 % 3.0007

X —4d45635=
370x2

o~ Af ~0.551R
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Flg. 13.13 Revised moment
distributions for
batl lnad cases

which on solving gives:

a = jdl
M =416.33 kNm
R =16129 kN

The generai expression for moment at any position along the rafter becomes,
My=354106%" — 29.642 ¢ — 416.33
Check the moments at the purlin positiens adiacent fo the ‘apex’ hinge, te.

My=54106 x 1.500% — 29647 x 1,500 —416.33 = —448.6 kNm
M, =5.4106 x4.5002 —29.642 x 4.500—416.33 = —440.2 ¥Nm

As these moments are less than the hinge moment {436.3 kNim) then ‘apex’
hinge position is correct. Nexi, determune the miremum length of haunch se
that the moment at the haunch/rafter 1aterseetion remains in the elastic range:

0.275 % 14600 =35.4108 x 2~ 29.642 x —416.33

hence x = 15.335 m.

Therefore the minimum length of haunch from the coiumn centre-fine 15
§8.50—15.335=1.115 m. Increasing the required haunch length by 0.385 m,
allows the hsunch/rafter intersection to comncide with a purlin suppoert
position {some 15.000 m on plan from apex). This also ensures that a
transient hinge does not develop. This means the actua] haunch length, as
measured from the column face 15 3.500—0.30=13.200 m.

A plastic analysis of the revised would indicate that a transient hinge
would not occur within the haunched length. For the dead +wind wplifi
condition, at inad level x=1.141, the frame 15 shown to be elastic, see
Section 13.6.2, and therefore the moment distribution for the wind case can
be determined from an elashic analysis. The revised moment distributions for
both the dead + snow load condition and the dead4-wind condition are given
in Figs, 13.13(a) and 13.13{b), respectively.

Symmatricai
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13.7

i3.7.4

13.7.2

Al design caloulations will now be based on the conditions appertaining
to the revised frame.

FRAME STABILITY

Before checking the frame for member stability and designing the
connections, i 15 prudent to check the selected member sizes apainst the
possibility of frame instability {clause 5.5.3), as new sechons need 1o be
chosen if these critena are not satsfed.

Sway stability of frame

First, the member sizes have to be checked aganst frame sway instability
(clause 5.5.3.2). This condition, modified to take the effect of the haunches
mio account, has to be satisfied in the absence of a ngorous analysts of frame
stability®, Le.

L-b _#4L p 275
D T Qh{d+pL /LY p

L
p=z for single-bay frame
1

Q =alf *LA16M,)

L=3T0m
L, =37.0/cos 10.41°=37.62 m
D =045Tm
L o=h;=550m
b =avernge eaves haunch length=23.500 m
. =75 T00em’

I, =33 400 em’

p =2 %73 700 % 37.0/(33 400 x 5.5)=30.5

0 =1.141 %351 x 37.0/{16 x 456.5) = 2.03

37.0 - 3.50 < “14}_37.0 36.3 275
0.437 T 2.03 3.5 {44 30.5 % 37.62/37.0)275

73 < 127

Frame 15 stable.
Snap-through buckling of rafter

The condition of snap-through buckling of the rafters {clause 5.5.3.3) 1s
unlikely 10 apply to single-bay frames unless roof slope is shallow. Sucha
possibility ncreases with multi-bay frames owing to the accumulative spread
of the eaves which may be sufficient to allow the rafiers of the mterna] bays
to snap-through, see reference (10).
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Research by Daviest! ¥ indicates that the BS 5950 formulae for frame

wnstability can produce unsafe solutions. The m-plane frame stiffness of
multi-span portal frames, particuiar when slender internal columns of valley
beams ore used, requeres careful considerationt'®

13.8 MEMBER STABILITY ~ LATERAL TORSIONAL BUCKLING

BS 5950 caters specifically for different moment gradients and geometry of
member for portal frames and the appropnate methods will be adequately
illustrated when checking the lateral torsional ressstances of both column and
haunched rafier members. Guidance 1s given in those sifuations which are not
specifically covered by the code or where it s felt that the code
recommendations are not appropriate. First, the vanous parts of the frame are
checked for stability under gravity loading condition and then rechecked for
the dead + wind loading condition.

[3.8.1 Stability checits for dead + snow loading condition

As noted in Section 13.6.2, member stabiity 15 to be chiecked a1 a 1oad tevel

1.141 x factored loads; see Fig. 13.13(a) for the relevant bending moments.

i
i

138.1.1  CHECK COLUMN MEMBER BUCKLING

The design of the frame assumes a plastic hinge forms at the top of the
column member. (610 x 229 x 101 UB), imumediately below the haunch level.
This plastic hinge position must be torsionally restrained in position by
diagonal stays: see fater comment regarding size of stays {Section 11.8.3).
With the hinge posilion restrained, check the plastie stability of thie length of
column from the hinge position, between the two sheeting rails, S; and 5;
{see Fig. 13.14). This is donc by using the expression for uniform members,
with no tension flange restraini between effective end torsional restrants,
given in elause 5.3.5(a), which ts based on the stabiiity curves given m
reference {13).

38r,
A PPy NI X2
Vs &) 6]

Joo= b 141 % 351 % 10/{2 % 129) = 15.5N/mm’
x = 43.0 (reference §)

~ 38 x 47.5 x 1073
/ 155 (275 1(43.0 ?
Y130 \275) \ 36
This mdieates that the sheeting rai} S;, immediately beiow the rail at the
hinge pasition Sy, 15 reguired 10 restram the column member on both flanges, ¢

—-1.45m
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Fig. 13.14 Member
stability -
coltmn member
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t.e. by means of disgonal stays which must be placed not more than 1,452 m
from the stay at the hinge position. As a consequence, the side mils are
positioned from ground level at 0.15 m (8)), 1.80 m (82}, 3.45 m (S;) and
4.89 m, say 4.90 m (Sy); see Fig. 13.14,
_ Now check the elastic stability of the column length between sheeting rajl
" position S; and the pinned base A. Under the action of gravity loading
" (dead + snow) the mner flanges of the column members are in compreassion.
Now:
F + Mo
ST
where Foae 1141 x 351/2=:200,2 kN
My = 556.5 KNm (max. moment occurs at Sy)

As the moment at base A is zero, then f=0, hence m =0.57 {BS tabie 18)
and;

M = mMpe = 0.57 x 556.5 = 317.2kNm

It 15 assumed that the effective length for the column member buckling about
the x—x axis 15 the distance S;~A, 1.2. 4.90 m, hence:

Lir, =4900/242 =20

Hence p.=273 N/mm®.

At this stage, it 15 assumed that there are no further restraints to the mner
(compression) flanpe below S; and therefore the effective length of the
compresston flange about the y—y axis is 8;-A, i.e. 345 m.

Lir, =3450/47.5 =73
Pe =196 N/mm?
P =186 x 12%10=2530kN
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BS rable 13

BS table 14

BS table 11

13.8.1.2

n == 1.0
u =0.863 (reference 6)
x =43.0 (reference 6)

A=T3
Mx =T3M63.0=1.70
v =0.974

As the universal section has equai flanges, then ¥ =0.5 and with l/x =1.70
hence:

Ay =mivi
= 1.0 x 0.863 x 0.974 x 73 =61
Py =212 Nimm?
My, =0.212 x 2830 = 61 1 kNm
002 3172 .
Sl T = 0.079 4 0.519 = (.598 < 1.0
3530 T 611 0519 =0.59

This means that the member is stable over the length considered, e, no
additional restramnts to the compression flange are required between 53 snd A,
as shown in Fig. 13.14. If the length of member being considered had proved
to be inadequate, then additional restraint(s) would have been required or the
effect of tension flange restraints (sheeting rails) could be taken into account
{see clause G2(a)(1)).

Occastonally, 1t may not be possible to provide the necessary torstonal
restraints at 8, and §; becanse diagonal braces infrude mto the space required
for some other function, such as door openings. Then the buckling resisiance
of the column member would need 1o be increased by other means, as a
plastic hinge posttion must always be restrained. For exampie, select a more
appropriate section with improved properiies or encase the column member
m eoncrete up to the underside of the haunch, 1.e. the hinge position.

CHECK RAFTER BUCKLING IN EAVES REGION

First, check the stability of the haunched portion of the rafier (from the caves
connection to the haunch/rafier mntersection) as this represents ose of the
most highly stressed lengths, and with us outstand Hange (inner) m
compression, this part of the rafier is the region most likely to fail due to
instability. As i has already been deeided to stay the nside corner of the
colurm/haunch milersection (column hinge position), assume that the haunch/
rafter intersection 15 also effectively torsionally restrained by diagonal braces,
prving an effective length of 3.200 m, as indicated m Fig. 13.15, This
disgram also gives the relevant moment distribution from the eaves to just
beyond tie point of contraflexure,

The depth of a haunch 15 usually made approximately twice the depth of
the basic rafler section, as it is the normal practice to use a UR cutting of the
same serial size as that of the rafter section for the haunch, which is welded 1o
the underside of the basic rafler (457 x 191 x 74 UB). Thercfore, assume the
haunch has the same section as the rafler member and that the overall depih at
the connection is 0.90 m (see Section 13.9).
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Fip. 13.15 Member
stability —
haunched rafier
reglon

It would appear that clavse G.2(b)(2) 1s the most appropriate criterion to
check the stability of the haunched portion, as there i5 at Jeast one tension
flange {infermediate) restramt between the effective end resramnts, re.

Ll = E
iy

According to the code (clause G.3.5), the formuia for Ly 1s appropnate™
only if there 15 a plastic hinge associated with the length being considered,
which is the case when the transient hinges develop.

L = I5.4 + 600{p,/E)}xr,
V15 Aip fER? — 1

[5.4 + 600 x 275/205000[33.9 x 41.9 x 10~
= 715-4(275/205 000)33.9F — 1
This value of L; has to be modified by the shape factor {c), which accounts
for the haunching of the restrained length (ciause G.3.3) and n,, which ailows
for the stress distribution acress the leagth (clavse G.3.6.1).

=3.256m

3 T CRT
gy R

R == greater deptivlesser depth
¢ = haunched length/iotal length

c= I+

Over the fength bemng considered (3.200 m), then:

R =900/457=1.97
g =3.200/3.200=1.00

¢ =1 +31.97 — LOPP L0359~ = 1118
V[N, 3N, 4N 3Ny N (Ng Ns
o b e e R e e 2 e
e \/12[}«!. S AR VAR YRS AR VY Ml VR
N, =appiicd factored moments at the ends, quarter
points and mid-fength of the lenpgth considered -
M; =pinstic moment capacity at section f{=p, S}

Ng/Myg =greatest of No/M o, NofM 5, NoJM
Ne/Mg =greater of N /M, No/M s

EAPRR

R R AL R
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Fig. 13.16 Member
stability ~
haunch region

The design strength 35 275 N/mm® as the flange thickness s less than
16 mm. Theugh clause G.3.6.3 implies that the formula for i, can be used for
ciastic conditions, Af; meust ahways be the local plastic capaciy. Any A, which
causes tension i the eutstand flange 13 made zero. Also, the term
(N /Mg — NeMp) 15 considered onty if positive.

The plastic moduli are determined for the five cross-sechions mdicated en
Fig. 13.16; the actual cross-sections considered are taken as bewg normal 10
the axis of the basic rafier funhaunched) member. The plastic moduli together |
with other relevant information regarding the evaluation of the ratios N/,
are given in the following table. The worse stress condition at the haunch/
rafier wtersection {location 5) 15 taken, 1.e. that mn the basic rafter
immediately adjacent 1o the mtersection.

= -~

= =] o
& -]

P o =
o

5 Uggw
v 958

1 LR 3 4 5
Distance from apex  {m) 1820 1734 1648 ° 1361 1475
Factored moment  (kMm) 8164  706.0 5B2E 4660 1364
Plastic modulas fem™} 4082 3448 2040 2463 L1660
Moment capacity  {kiNm) 1§23 948 « BOD 67 4548
Raua NALL 8.745 0.745  -0.728 {.688 £6.782

o= /[0.745+3 % D745 + 4 x 0.728 +3 =« 0.688+4-0.782
42 {0.745 - 0.782)12}
= /{0.728]=0.853
Ly

[* =25 =3256/(1.118 x 0.853) = 3.414m > 3.200m
[ 13

This portion of the rafier 15 stable over the assumed restrawmed length of
3.300 m. Nete: if a plastic hinge has developed at the haunclyrafier
mntersection, then a further design check 15 necessary, see Section 13.14.
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An alternative method of assessing n,

In Appendix B, a mpid method for grving an Epproxitmiale assessment of p,
15 outlined. The method enables the designes to establish quickly whether
or not the more exact method just used in this example reeds to be
undertaken, If the approximate assessment mdicates that the resulting
permissible length is within 180 mm of the restramed length being
checked, then it 1s recommended that the exact check be made.

Taking the design example, calculate the approximate value of my {with
reference to Appendix B):

1 My 3N, 4Ny 3N, 3N Ny (N,y Ne\ 11
M= g o |k b e 2 Sy g LS DE
! \/{ 1231, [R, ROB B R +R5 + Rs RE,)] }

M. = 456.5 kNm
"From Appendix B — plastic condition:

Ry == 2555 Ry = 2.155; Ry = 1.755; Rs = 1.495; Ry = 1.00

. i 8364 3% 706.0 4 x 5826 3 x 466.0
"=V 1z = 4563 |2355 T T3 Tss 1755t i4es

4 (706, :
356 +2( 06.0 3554)]1

1.00 2155 100/
=0.847

L*=3200/1.118 x 0.847)=3.37% m (cf. 3.414 m by exact method)

atd as {2379 — 0.100)=3.279 m > 3.200m there would be no need io
check by exact methed.

Note that the rapid method is applicable only for the typical British
haunch (with middle flange) where the haunch depth is approximately
twice that of the basic rafier section and the haunch cuthing is from the
same sectien size as the rafier member,

i
§

There are several ways s which the haunched region can be made stable:

e  Redesigm the member sizes i order to use 2 more torsionally stable

: rafter section.

s  Increase thickness of compression flange — not conly does it lower
stresses but it alsp unproves torsion stiffness of this flange; this can
be achieved by using a different size for the haunch cutting, ie. the
same sersal size but with increased weight, or altematively using
two plates welded together to form the haunch.

e lIncrease the hasnch depth to lawer stresses within haunch and
reduce effect of the term eon,.

s Adda latern] restraint within the haunched length, thereby reducing
the restramed length to be checked.
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BS table 18

BS table 27(b)

BS table 13

BS table I4

BS table 11

The uniform rafter from the haunch/rafler intersection i the poig of
contraflexure (where outstand flange 15 just i compression) now needs 1o be
checked for elastic stability by the method given 1n section 4, BS 5950,
However, the pomt of contraflexure moves down the rafier as the mosent
distribution changes from the elastic to the plastic state. Therefors, it 15
advisable to consider that effective restraint occurs at distance beyond the
pomnt of contraflexure, equal to either the depth of the rafter or the distance to
the next purkin up the siope, whichever 13 the lesser. The thearetical point of
contraflexure, bemg the position of zero moment m the rafier, can mpidly be
determined from:

0e=354106x?—129.642x —d416.33

Hence x =11.930 m,

Therefore, with reference to Fig. 13.15, the notional fength of this part of
the rafter 15 15.000—11.930=3.070 m. Hence the effective iength 15
3.0704+0.457=3.527 m. The moment distributton is based on the notionai
length. Note that this portion of the rafter has two intermediate iession flange
restraints (purling) between the effective end restramts and therefore ctause
G.2{a)}(1} can be uscd. However, n this case, the length between effective fisl]
restraints can be justified for checking the eiastic stability of the uniform
rafter, i.e. using the simpler procedure of clause 4.8.3.2.1 without the
assistance of the mtermedinte partial restramts: :

Fo M
7. =4 3}: <

F =]61.3kN {ie. thrust in rafter—R )
Mf =3564kNm {max. moment occurs at mtersechon)

As the ‘pomnt of contraflexure’ represents the position of zero moment then
f=0, hence m =0.57 and

M =mM,=0.57 x 356.4=203.1 kNm
=L/r,=3527/41.9=384
B, =173 N/mm?
P, =173 x95.0/10=1644 kN
n =10
1 =0.876 {reference 6)
x = 33.9 (reference 6)
Alx =84/33.9==248
v =0.93 (as universal section has cqual flanges, then N=0.5)
Apr =1.0x0.876 x0.93 x B4 =68
pp = 193 Nfmm?®
My =0.193 x 1644 =320 kNm

-

161.3  203.1

e o e 2z {), - 0.635 = 0.73 N
164£€+320 098 + 0.63 3I< 10

The member 15 stable over the length Py;—PC and no further torsional
testraints are necessary wwithin this length of member.


http://www.cvisiontech.com/pdf_compressor_31.html

250 STRUCTURAL STERLWORK DESIGN TO 885 5958

13.8.1.3 CHECK RAFTER BUCKLING IN APEX REGION

Another highly stressed region is the length of rafler in which the ‘apex:
hinge ocowes {see Fig. 13.17). Under dead + snow loading, the outstand flange
is in tension, while the compression flange 15 restrained by the puslin/rafier

1 1.525 I 1.525 ] 1526 %
= 1 |

Fip. 13.17 Member
stability -
apex region

zovy
s9gy
g u |-
Esty

Therefore, the buckling resisiance of the rafter member between pusling in
the apex region needs to be checked. Provided that the *apex’ hinge is the last
hinge to form in order to produce a mechamsm {which is true for low pitched
portat frames under dead +snow loading}, then adequate rotation capacity 1s
nat a design requirement, 1.e. the hinge 15 requited only to develop Af, not to
rotate ~ purely & sirength eondition.

This struation 15 not specifically covered by BS 5950 (1585}, apart from a
seatence in clause 5.5.3.1 which states that clause 5.3.5 {dealing with the
spacing of restramis) nced not be met. However, it is suggested, based on
research evidence, that if the value of L., {as defined by clause 5.3.5) is
factored by 1.5 then this would represent a safe critennon for restramt spacing
tr the region of the last hinge position. That 18, assuming that the purling act
as restraints hecause of their direct attachment to the compression flanges in
the apex hinge region, then the purlin spacing should not exceed:

57r,

" [ (B (EY
\/[130* (275) (36)]

fo= 1613 x 10/95.0 = 17.0N/mm’

x = 33.9 reference 6

-3
- 3T =419 =10 ~2368m

Je (2 (2]

As purlin spacipg 1s 1.525 m (an slope), then no addinional restraints are
required, (Mote that if the “apex hinge" is not the last hinge to form, then L
reverts to 2.368/1.55 1.578 m > 1.525 m. If L,, had been less than 1,525 m
then the puslin spacing would have io be reduced.
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11.81

13.8.2.1

Now check the strength capaeity of the rafier mn the "apex™ region, using
clause 4.8.3.2(b), 1.e,

MM,
—_——t ]
(M,, My
There is no minor axis moment, M,, ana A, 15 the reduced capacity of the
rafier section nbout the major axss n the presence of axial load.

Remembering that the axtal theust of 161.3 kN includes the adequacy ratig,
then:

A, ={1660-2480n")p, (reference 6)

£ =161.3 % 16/93.0 = 17.0 N/mm”
2, =275 N/mm?
n =f/p,=11.0/275=0.06

M, =[1660-2480(0.06)%10.275 = 454.0 kKNm

This 15 slightly lower than the value of 456.5 kNm used ia the anatysis of
the frame and {o be stnctly correct the analysis should be modified, such that
M= M= M =454.0 kNm and hence the above strength capacity check
would be just satisfied. However, as the difference 1n sirength capacities 15
iess than 1% and in view of the adequacy mtio bemng 14.1% above the design
fevel, then it can be safely assumed in this case that the frame as designed is
miere than adequate, 1.e. there 15 no need 1o carry out the munor adjustments to
previous calcalattons and checks. It can be argued that the reduced plastic
capacity for the rafter member should have been taken mnto account tn Lhe
ongmalt equilibrium equations, The actual reduction in the adequacy ratio 18
dependent on the geometry and the relative strengths of the column and rafter
sections, 1.8, in this example the reduction 15 0.2%.

This compietes the member stability checks of the design frame for the
dead +-snow load condition, but this sef of cheeks must be repenied for the
depd 4 wind Joad case.

Stability checks for dead + wind loading condition

Figure 13.13(b) showed clearly that the dead +wind léading eonditicn causes
a reversal of moments in the frame compared with those obtained for the dead
4 imposed condition (Fig, 13.132) and therefore the senes of checks
undertaken 1t Sections 13.8.1.1 to 13.8.1.3 needs to be repeated. Notz that
only one dead + wind eondition 15 being considered m this analysis;
nevertheless, when the wind direcuon 15 normal to the gables, a worse
reversed moment condition nuglnt anse for the apex region.

CHECK COLUMN MEMBER BUCKLING

Under the dead + wind leading (Fig. 13.13b), the elastic bending moments n
the nght-hand column vary from 342 kNm at 8, to 0 kNm at the base, causing
the outer flange to go mto compresston. This mement of 342 kNm compared
with the corresponding value of 789 kNm for the dead + umposed loading
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i

13.8.2.2

13.8.2.3

{Fig. 13.13a), coupled with the fact that the outer flanges of the coluning are
restruined by the sheeting mils (see Fig. 12.14), indicates that this loading
condition is not a5 severe ay that mvestipated in Section 13.8.1.1, A cheek
using section 4, BS 5950 (elastic condition) wndicates the column member
requires no further restramts,

CHECK RAFTER BUCKLING IN EAVES REGION

The wind loading condition causes the upper flanges in the eaves regtons to
sustain compression. These flanges are restrained by purlin cleats at 1,525 m
intervals (see Fig. 13.15). As the magnitudes of the moments are significantly
tess than those for gravity loading, the application of section 4, BS 5950
would prove that the haunched rafters 1n these regions are more than
adequate. No further restraints are uecessary.

CHECK RAFTER BUCKLING IN APEX REGION

In the apex region, owing to the stress reversal conditions arising from the
dead +wind case, the outstand {Jower) flange s in compression and at present
there are no restraints to that flange, thouph the “tension’ Range 1s restrained
by the purlins, Therefore, this part of the rafter needs to be checked in detail
as member buckling may prove 1o be more severe than fhat checked i
Section 13.8.1.3, despite the moments bemg apprectably smaler. The
unrestrained length between the two points of contraflexure 15 about

12.1 % 1.525==18.5 m {sce Fig. 13.13b), hence:

18500
41.9

I

A

Clearly, this unrestramed length of 18,5 m ¢ too siender, exceeding the
limitation of 350 for slendemess for wind reversat {clause 4.7.3.2).
Therefore, restraints are required in the apex region, In considening the best
iocation for the restrants the moment distribution for the dead +1mposed
load condition has a bearing on the decision. Also, it has to be remembered
that the wind can blow 1 the opposite direction, 1.e. nght o left, therefore the
restramnts should be amanged symmetrically about the apex of the fizme.

:AS the moment distribution for dead +- imposed case in the apex region is
fairly constant, there is a choice for the jocation of the restrants, Le. at eher
first, second or fhird purlin position down for the apex purlin, If restraints are
placed ot the third purlin down for the apex purlin on either side of the apex,
then the unrestrained leagths become 8.525 m, 9,150 m and 0.800 m from le&
to ngit i Fig. 13.18.

Consider the iefi-handed portion, 8.525 m long. Clause G.2.a(1), BS 3950
states that for checking the elastic stability of a uniform member which is
restrained by intermediate restraints on the tension flange between affective
torsionidl restramts:

F &
+ —_—

e <1
P M,

FElE R SRR I
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Tig. 13.38 Member
stability —
apex region —
reversed
loading

clause (7.3.4

However, the axial load (F) for the dead +wind condition 1s m tension
and although axizl tension should improve a member's buckling resistance,
the code does not allow any benefit for this condition.

Conversely, clause 4.8.2 gives an erronecus impression that eny axial
tension would obviate a member buckling check, whereas this would depend
on the relattve magmitude of the bending moment and axul tension.

In the absence of clear guidance, a member buckling resistance check
should be based on:

A <

My,

M, =142 KNm
nn= 1.0

M =mM, = 142 KNm

The munor axis slendemess ratio for this particular stability check 1s defined
by clause G.3.3, ie.

Arg = nouvcd

The local moment capacity of a uniform member under eiastic condition
(load levei=1.141} 15 the yield moment (p, Z,), hence the expression for o,
{clouse G.3.6) becomes:

_ [[Mi+ 3Ny + 4N5 +3Ne -+ Ns + 2{Ns — Ng)
= 1271,
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clause G.3.3

The values of N; can be evaluated from Fig. 13.18 and hence:
\/I:G%-E x 81 +4dx I34+3 %158+ 157 +2(158 — IS)}
n =

12 % 0.275 x 1460
= {}.537

u =0.876 (reference 6)
x =33.9 (reference 6)
Az =3204/33.9=6.02

"= 1+(201_§"i(?\2
B T 20\x

a =half depth of purlint+half depth of member=87+229 =316mm
h, =distance between shear centres of flanges=457.2 — 14.5=443 mm

a 316

— = — = 0.71]

b A3

v = 4 x (.713 - 0.767

1
b4 {2x 0.733)3+5—6(6.02)2

¢ = 1.0 uniform member
Azp =0.537 x 0.876 x 0.767 x 1.0 x 203 =73
Py = 181 N/mm*
My =0.181 x 1660 = 300 kNm < p,Z;

M4

— z e == 0L,473 < 1LY
My, 300

There still remamns the checking of the rafter between the new restramts 3
to 13 {see Fig. 13.18). A check would indicate that this part-member is stable
for the dead 4+ wind case.

Design of ateral restraints

Dunng the various checks on member buckling undertaken in the previous
sections, several positions atong the frame have been nssumed to be
effectively resiramned against both fateral and torsional displacements. Such
restrands must be capable of camying the laterai forees while bemg
sufficiently stiff so that the member being braced is induced to puckle
between braces.

Research cvidence!'™ has indicated that the magmtude of the restramng
force in any one restraining element/brace before instability occurs s of the
order of 2% of the squash Ipad of the compression fiange, i.e. 0.0287p,.

R

¥
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Flg. 13.19 Effective
torsional
restrints

B8 table 27(c)

Though the restraining force 1s relatively small, it 15 essential that such a
force {in the form of a brace) be supplied. Also, rafter braces may need to be
designed for the additional force that results from thewr propping action io the
puriins. Generally this force only bécomes significant relative to the
restramnng force of 2% for small frames (< 23 m), Nevertheless, braces
should be used in pairs, as illustrated in Figi 13.19, as u single brace would
cause the connected Aange to move laterally due to the propping action 1w the
brace. This action would increase the possibility of laterat buckiing in the
connected member. ' !

Adeqguate stiffness 15 at least as important as the strength entenon of 224
squash load. In view of lack of sufficient expenimental evidence, a Hmiiing
sienderness ratio of 100 15 recommended for diagonal braces, illusteated 1n
Fig. 13.19. .

Though mdividual design of the vancus columa and rafter restramls
wouid probably resuit in different sizes, it 1s more economic to design for the
waorst case and standardize on one size for all restraints. As the aren of
eolumn flange is larger than that of the rafter, the design of the braces will be
based on the condition appropriate to the restrmnt at the column/haunch
intersechion.

Therefore, assuming that the diagonal stays are approximately at 45° to the
braced member:

Length of brace =+/2 x {depth of eclumn section)
L =14x%x602=850mm

As an angle section 15 more effective as a strut {on 2 wesght 1o weight
basis) than a flat {thin rectanguiar sectton), an angie with a r,, of at least
850/100 = 8.5 mm will be selected. From the SCI guide®™ an appropriate
angle, say a 45 x 45 x 4 Angle, 15 chosen and 5 then checked agamst both
strength and stiffness requirements.

The slenderness ratio of o discontinucus single angle stmut with a single
bolt at each end (clause 4.7.10.2(h)} 15 either

L =100, or 0 7L/r 430
=850/8.76 or 0.7 x850/113.64-30
=087 or T4 < 100 Stiffness satisfed

Lateral force=0.028Tp,

F=002x2276x 148x0.275=18.5 kN
a. =10 Nfmm® .

Clause 4.7.10.2(b) further states that for a single angle with a single fastener
a¢ each end, the compression resistance must not be greater than 80% of the
compression resistance of the anple when treated as an axally loaded strut;
hence for the lateral stays:

Po=080{0.130x 349 =363 kN > 18.5 kN Strength satisfied
Use 45 % 45 X 4 Angle

There are allernative forms of restrmnt and the reader 15 directed to
reference (16). Unlike this design example, difficulty may be experienced in
giving laterai support exactly at a pisstic hinge position, Shiould this situation
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13.9.4

artse then the hinge position may be regarded as bemg laterally restrained,
provided the point of attachment of the brace to the compression flanpe g
not more than [/2 from the assumed hinge position.

DESIGN OF CONNECTIONS

Apart from checking the adequacy of members against lateraf torsional
instability, the design of connectrons evokes much discussion with the result
that there are several vanations on how portal frame connections should be
designed. Hasically the connections have to perform as an elastic unit joinng
two mamn structural members together without loss of strength and undye
distress such as gross deformations or plasticity. The basic method adopted
for this design exercise™ had been developed from theoretical considerations
and expenimental evidence. Connections based on this approach have been
shown to perform satsfactorily. The method has since been modified to
reflect the more recent research mto the behavionr of end plate connections,
In proportioning both the esves and apex connections for the dead pius
inposed case it should be remembered that the desipn 1s bemng undertaken at
ullimate load level. Generally the-eaves end apex joints are flush end plate
connections, i which the bolt lever arms are increased by means of a haunch
(see Figs. 13.20 and 13.21), thereby enhancing the moment capacity of the
bolted connections. There are 2 number of different design criteria which
need to be satisfied®™® These will be explamed during the process of
destgming the connections for the porial frame in this section. See also
Section 13.14.

As mentioned, the design of portal frame connections 15 generaily
poverned by the moments and forces resuiting from the dead + 1mpased
loading condition. However, if there 15 moment reversel due to another
loading case {as in this example), then the connections have to be rechecked.

Design of eaves connection

From the portal frame analysis for the dead +1mposed loading condition
{Section 13.6), 1t can be seen that the factored moment and vertical shear,
acting on the caves connection, are 836.4 kNm (Fig. 13.13a) and 200.2 kNm
(ie. 1.141 x 351/2), respeciively; aiso, there 1s an axial thrust of 195 kN from
the mafter. Furthermore, the reverse moment coadition needs to be checked;
see Sectipn 13.9.1.7. The mitiai design decisions to be made are the geometry
of the end plate and the size of bolts to be used. From practical consideratiens
{such as width of column and rafler flanges, discrete sizes of lled plate
sections), the end plate 15 made 220 mm. As the depth of the haunch 15
approximaiety dvice that of the basic rafler member, the end plate 1s made
940 mm long, Le. the end plate projects 20 mm beyond the flanges to allow
for the top and bottom welds. Thc end plate thickness 1s determined from
consideration of the flexural action imposed on the plate by the forces in the
bolts. First, determune the weld sizes required for the end plate/rafier
mterface, before evaluating the bolt forces and end plate thickness,
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13.9.1.12

WELD SIZES FOR END PLATE

The end plale 1s wsually connected to the rafier seetion by means of fillet
welds. A simple rule for proportioning the weld sizes at the ultimate Joad
cendition is to make the combined throat thicknesses of the welds equai to &t
least the thickness of the plate etement being welded™, Therefore:

Flange weld =T,/ /2

=14.5/1,4] =103mm Use 12mm FW
Web weld =5 /2
=9.1/1.41 =643mm  Use 8mm FW

The heavier flange weld must be continued down the web on the tension side
of the connection for 8 mimmum distance of 50 mm = order to avoid
premature weld cracking i the vicinity of tise root Allet of the mfler flange,
owmg to potentiai stress concentrations.

SIZE OF BOLTS

Today, high tensile bolts (grade 8.8) are used in moment connections. It
should be noted that the use of the ultimate tensile capacity of these bolts is
conditional on prade 10 nuts bemg used with the hoitst'* to prevent
premalture failure by thread stnpping. Alternatively, clause 3.2.2 allows the
use of non-preloaded HSFG bolts, which have deeper nuts and aiso a farger
capacity than a grade 8.8 boit of the same diameter. However, should the
conditions be such that wind or crane vibrations might result 1 boit {oosening
or fatigue, then it is advisable to use.preloaded HSFG boits, though other
methods are available which prevent nut iooseming.

Assume that the vertical pitch of the bolt rows s 90 mm, with the top row
being positioned at 50 mm from top surface of the ienston Aange of the rafler
{see Fig. 13.20). By mintmzing the clearance between the top row of bolts
next {o the fange, the cross-bending in the end plate 1s reduced.

The appropnate load distribution in the bolt group to be used®™ js
dependent on the ratio of the distance from the compression flange of the
rafter to the penultimate row of the “fenston’ bolts to that from the
compression flange to the top row of bolts, i.e. 0.760/0.850 = (.89,

As the ratio is about 0.9 then the two top rows of tension bolts can be
assumed to carry equal total load®®, with the remainder of the ball loads
varymg lnearly with their bokt distances (y;) from the compression flange.
Apart from the first row of boits immediately inside the tension flange, the
boit loads are a combination of load due 1o the applied moment plus prving
force. With this distribution, which assumes that the connection rotates aboul
the compression fange, the notional bolt load (F,) due to the applied
moment flange is determmed from:

Fo=MI4.7d, + 2T d,)]
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Fig. 13.20 Details of eaves
connection

$3.9.1.3

22ix 20 pls

w———
,;-,”"'i - a6
1” 2.
If, s /
500 h'::f /
i 520
i IBL
/ 3 2 i D
4 80

{ F
27 sam dia. holes
NG mm centres

The dimenston 4, s the distance from the compression flange to a point mid-
way between the two 1op rows of bolts, ie,

d,=(0.850+0.760)/2 =0.B05
Hence F,=836.4/{4.7 x 0.805 +2(0.670° + 0.580%)/0.805] = 145.0 kN,

The maximum bolt force {F,) occurs in the top two rows of bolts and is
equivalent to §.35F,. The additional 0.35F, in the top row of bolts is due
entirely to the applied moment, while in the second row of bolts it represents
a realistic estimate of the prysng force. If the notional bolt load F, 15 Himited
to 0.6 of ultimate load capacity of the bolt Py, then the maximum bolt load
F, has a safety mergin agamst sudden ruphure of at least 1.2, te.
06x133x1.2 <10

Assuming that no such conditions exist, then the design load capacity of a
grade 8.8, 24 mm diameter boit 15

P, =0.6 x 785 x 353/10% = 166.3 kN > 145 9 kN

Checking the design capacaty of a 22 mm diameter bolt would indicate that its
capacity was insufficient, e, 142.7kN < 145.9kMN.

Use eight 24 mm diameter bolts {graode 8.8) {tension region)

A commonly accepted assumption is that the vertical shear is taken by the
Dolts 1n the compression zone of a connection. The mimmum number of bolts
required o carry the vernieal shear of 200.2 kN is:

200.2/(0.6 x 166.3)=2.01 {say 2 bolis)

Use at least twa 24 mm diameter bolts (grade 8.8) {compression region}

DETERMINATION OF END PLATE THICKMNESS

‘The centres of the holes (4) can be fabncator dependent, but a good guids 15
1o make the dimension equal to approxamately 4.5-5 hmes the bolt diameter,
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say 110 mm. The end plate thickness (£,) is caleulated by assuming double
curvature bending of the plote, from which the following expression has been

denved:
_ 4P, m
Iy = ¢ f——
k Pyp L,

where m = effective span from centre of bolt to edge of weld
={d —i,— 2 x weld size}/2 !
=(110—-0.1 -2 x 8)2=42.5mm
L, =effective lenpth, based on 30° dispersal |
=lesser of (C +3.5m) or 7.0m
=(00+3.5x42.5)=238.8 mm or Tx42.5=297.5mm
i = /(4 x 166.3 x 42.5)/(0.265 x 238.8)] =21.i mm

Note that the destgn strength of plate sechions 1s 265 Nfmm?. With the
modified method, a simple rule is to make the end plate thickness equal to 0.9
umes the bolt diameter, 1.e. 21.6 mm, which is supported in this instance by
the preceding calculation. However, owing to the diserete sizes of plate rolled
by the steel producers, the designer has to choose between 20 or 25 mm plate.
In this case, the value of 21.1 mm 15 less than 24 mm, use & 20 mm thick end
plate.

Use 220mm x 20mm piate X 940mm long

LOCAL PLASTICITY ADJACENT TO END PLATE

In adgvocating the design method outlined in this section it s accepted

that as a connection approaches s uitjmate capacity, local areas of plasticrry
would have developed adjacent to the end plate, both or the tension and
compresston sides. On the tension side, there 15 a diffusion of load from the
tension fanpe mio the web and across to the end plate, This diffusion, as well
as residun] stresses due to welding, are two of a number of factors which
sieract to produce large plastic stramas 1n this region. It i certamndy true that
the lond distribution s the bolts results from load emanating from the haunch
web as well as from the tension flange vin the end plate, Assuming that the
bolt tead distribution reflects approximately the astual diswibution in the
tension bolt group, then a conservative cheek ean be undertaken for the rafier
web in the tension zone: '

By > 4Fa "‘{Le lb) 3
275 > 4% 145.6 2 10°/(238.8 % 9.1)== 260 Nimm®

This indicates that the tension 2one m the rafler member is adeguate,
otherwise stiffening of the end plate would need to be considered. Similarly
the haunch flange and web in the compression zone could also exhibit
plasticity. Tt 1s suggested, based on available research evidence, that these
refatively smalt arcas of plastienty are acceptabie, when compared with fhe
larger yielded zones mssociated with the formation of plastic hinges, in the
later stages of loading.



http://www.cvisiontech.com/pdf_compressor_31.html

260 STRUCTURAL STEELWORIK DESIGN TC BS 5850

13.9.1.5  CHECK THE TENSION REGION OF THE COLUMN

The column flanges need to be checked for the effects of cross-bending due 1o
the actton of the bolts™. The design formulae given in reference (3) have
been modified; that 15, it is assumed that the effect of a hole has been
campensated by the flexural action of the boit which effectively replaces the
ruissing plate matenal, These modified formulae are used in the following
caiculations. Stiffening is required if:

C 4w w* 1 i
. 2 1,1
475, > T; [“—';;““"——+ (w + w’") {m+ ")}P}w
w z=fm (e +n )]
n =(B —A)Y2=(220—110)/2=55.0 mm
W = /[42.5(42.5 + 55.0)) = 64.4 mm
w* =70 < 2w

o 90 + 64.4 - 70 1 1
47 %1459 > 1.8 [ —— T4 () (42, .
x 145.9 [ 75 ( aat 70)( 5455 0)] 0.275

686 > 493 kN Inadequate

Therefore stiffening of the flange is required in the tension region. Check that

the sii[fena&r,?fmge is adequate®™ je.
ﬁ +§ 72 1
4Ry N v (m L4 ) (m -+ ﬂ)]Pn-

ﬁ n) v oW Eu?
Q—s- A4+ 70 2 i i

s e e e o —— 1{42.5 4 45}]10.275
S\Eg 42,3 +(34+64.4+140){ + 5)J 2
Ti6 kN Adequate

If the stiffened fanpe had been madequate, 1 backing plate could be used
or the section size changed,

13.9.1.6 CHECK SHEAR IN THE COLUMN WEB PANEL

The factored moment actng on the connection produces a sheaning action in
the column web adjacent to the connection. Therefore, the shear capactty of
the web {P,) needs to be checked aganst the induced shear force (F,) of:

Fy= Mid, =836 4/0.805 = 1039 kN

The following destgn rule, which 15 slightly more correct than the puidance
given 1 BS 5950, s based on research evidence!'®

P, =06t (D—2T.)p,.
=0.6 % [0.6(602.7 2 x 14.80.275 = 1001 kN
Fl' > PU

The column web has to be stiffencd. As the mner column Bange in the
tenston zone hag also to be stiffened (Section 13.9.1.4), use the Moms
stiffener, which combines both functtons m one stiffening amrangement,
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{see Fig. 13.20). This form of shear stiffening has been shown to be both
economic and structurally elficient’'® Make the honzontaj portion equal to
100 mm, thereby allowng easy bolt access for the erectors. Design the Mosnis
stiffeners like diagonal stiffeners — they have to carry the excess shear forec
nol taken by the column web, re. 1039 — 1001 =38 kN. The required area of
stiffeners 1s obtamed from:

"}x > {Fv_Pv)[(pjucOS G)
tan @ =d ND,—2T_.~100)
=805/(602.2—2 x 14,8~ 100) = 1.703
cos =0.506
Ay > (1035 —-1001)/(0.265 x 0.506) =283 mm>

Use nommal sized stiffeners, say tweo 90 mm x 10 mm flats, which provide
some 1800mm?® of area,
Use twve 90 mm x 10 mm flats, 6 mm FW

CHECK COMPRESSION ZONE

Web buckling A simpie rule based on expenmental evidence mdicates that
stiffening to the web 15 required if: -

d/t > 52¢ (ef BS 5950)
e di=0602.2/10.6==56.8 > 52

Therefore the web needs stiffening to prevent plate buckling. Generally,
full depth web stiffeners are required in this position,

Web crushing The force bemng transmutted from the compression flange of
the haunched rafler mto the column web is:

Fow M/, + F =836.4/0.805+ 195 = 1234 kN
Stiffeners required i

Fe> P, =[Ty+ S(T.-+root fillet) +24,] 1, p,.
=[5+ 58+ 127 +2 x20] 10.6 x0.275=559,7kN
1234 = 559.7 Stiffener required

Web stifteners (placed on cither side of the column web, opposite the rafier
compressiost flange) are required {o prevent both web buckling and crushing,
The capacity of the stiffened column web in the compression zone 15 given
by:

Pu=A;pot+1.637, (B, 1) p,.
hence 4, > [F,~ 1.63T. (B, i;)”2 Pl Ipys

=[1234 - 1.63 x 14.8(227.6 x 10.6)'"*0.2751/0.165
=3427 mm®

Use two 100 mm % 20 mm flats, 6 mm FW



http://www.cvisiontech.com/pdf_compressor_31.html

262  STRUCTURAL STEELWORK DESIGN TO BS 5950

[3.9.1.8

Check the outstand edge of these compression stiffeners. for buckling;
stiffeners are adeguate ifS

bt < 7.35e
bet = 100/20=35.6 < 7.5¢ Stiffeners adequate

CHECK FOR REVERSED MOMENT CONDITION

From Fig. 13.13(b), 1t can be seen that the eaves connection ts also subjected
to a seversed moment of 326 kKNm, therefore the proposed connection details
must be checked as to thewr sutability to sustan this moment. The followmg
checks are based on the assumphon that the size of the end plate and bolt
diameter are not ehanged,

Montent eapaeity Assurming that the connection weuld rotate about the top
fiange, then the momest capacity of the connection as designed 13!

M =2%1663 x0.830=276 326 kNm

1.e. moment capacity has to be mereased, This 1s achieved by mserting two
additional bolts in the bottam zone of the connecuion (see Fig. 13.20). Henee:

M =2 % 1663 (0.830+0.740) =522 > 326 kNm

Vertical shear The six bolts m the upper part of the conpection are more than
sufficient 1o cope with the vertical shear from the dead +wind case.

“Tension® region of eolumn This parucular region of the column 15 already
rewnforced by full depth web stiffness for a much larger force: o would be
safe to sssume that this region 15 adequate without 5 detailed check.

Shaoar in the column web panel As the reversed moment of 326 kKNm is
sbout 70% of the moment on which the onginal design was made, then the
provisions for shear stiffening should prove adequate {see Fig. 13.20}.

*Compression” tone of column The load to be rransferred mto the column
web 1 the ‘compression’ zone {lop of the column member} 15:

F, =M/d, +R
=326 /§(0.830 4 0.740)/2} — 70.7 = 345 kN

Note that the axial load in the rafier for the dead 4 wind cusc 15 tension.

It 15 knows that the effectivenass of web stiffeners, when not piaced in line
with the application of the compression load, decreases rapidly as they are
posuioned further away from the load. In this case, 11 15 decided to ignore any
contribution that the honzontal part of the Moms stiffener may have on the
beanng strength of the column web in the viemity of the 'compression’ Zone.
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Fig. 1321 Demiis of npex
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With reference to Fig. 13.20, can be seen that the compression force from
the haunched rafier flenpe 15 resisted only by sbout half the web length
comgered with that used in Section 13.9.1.6, re.

P. =[Ty+2.5(T.+voot fillet)+ 20,31 p,.
=[E2.7+2.5 (14.8+12.7) +2 x 20] 10.6 % 0.275 =354 kN

Mevertheless, the bearing eapeaity of the column web 1s adequate.
This completes the design of the saves connection.

| ;

i 3
The design of the apex connection is sunpler than that of the eaves
eonnection insofar as only the depth of haunch, geometry of end plate and
bolt diameter need to be determuned, 1.e. no columa 1s involved (see Fig.
13.21).

DESIGN OF APEX COMNNECTION

220x728pls

—n

T

730

RICTITEON

27 mm diz. holes 700
118 mm centres

The apex connection has to be designed for 5 moment of 416.3 KNm.
{(Note that if the apex moment has not been evaluated then a good estimate 15
to make 1t equal to the full plastic moment of the rafier section 18 the bending
moment 1 this one 15 virtually constant, e, for this exercise &t would he only
2% 1 etror and would not affect the outcome.)

The vertical shear is theoreucally zero (duc to symmetnical ioading and
frame). Nevertheless, it 15 advisable o have a minumum of two bolts w the
compression region, The connection details need 1o be checked if there 1s
moment reversal due to other foading conditions, which m this example s
57TkNm.

PROPORTIONS OF APEX HAUNCH

The apex connection has to be haunched in order to increase the tension bolt
group lever arm so that the connection has sufficient moment capacity. The
actuat depth of haunch 1s chosen to accommodate sufficient bolts within its
deptls to sustain the moment. This 15 2 trial and error process. In this design
case, it has been decided to make the overall depth of the conaection 680 mm
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deep {see Fig. 13.21}). To allow for the dispersion of the tension Range joad 1o
the bolts the length of haunch should be at least 1.5 times the depth of bas;c
rafter section, te. 1.5 x 457 =685 mm, or twice the depth of the haunch
cutting, i.e. 2(680437/cos 10.41°) =430 mm. Therefore, make haunch
length equal 1o 700 mm. Use the minimum weld size (6 mm FW} to connect
the haunch eviting to the underside of the basic rafler member.

SIZING OF BOLTS

Having designed the eaves connection and established the boit diameter to he
24 mm, it is economic to standardize on the size of boits throughout the
frame, Le. check that 24 mm diameter bolts {grade B.8) are suitable for the
apex connection. Again, the ratio of the two Jargest lever arms of the tension
bolis*about thie compresston Hange 15 evaluated, te.

0.530/ 6.620=0.85

Therefore, the bolt load distribution is assumed to be linear, t.e. it vanes
linearly with their distances from the compression fiange, and the notiona}
bolt load (F,) can be detenmuned, 1.e,

Fa = M/ E27ymnx+2 (zyi /}'ma.\:)}
=416.3/[2.7 x 0.620+ 2 (0.530%y/0.620)
=161.3 kN < 166.3kN

Though the four cutermost tension bolts are adequate, it is advisable to
position another row of boits inside the depth of the basic rafter section,
adjacent to its lension flange, to prevent local separation of end plates.

Use six 24 mm diameter bolts (prade 8.8) {tension region)
Use two 24 mm diameter bolts (grade 8.8) (compression region)

DESIGN OF END PLATE

As the rafler size 15 the same for both the eaves and apex comnections, then
make the width of the end plate the same as that for the eaves, 1.e. >220 mm.
Assume the same centres of holes (1180 mm).

Use 220 mm x 20 mm piate % 720 mm long

As the bagis of the calcuiations for the Aange and web welds 15 identical fo
that determmed for the eaves connection, then make:

i_ Flange weld 12 mm FW

Web weld 8 mm FW
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Fig. 13.22 Gable fiamng

CHECK FOR REYERSED MOMENT COMNDITION

Assuming that the size of the end piate and bolt diameter are unchanged, then
the only check required s for the tension region. The moment capacity of the
two bolls m this zene (Fig. 13.21) 1s:

A =2 x 166.3 ¥0.620 =206 kNm > 57kNm

Therefore the apex connection as detailed in Fig. 1321 15 satisfactory.

GABLE FRAMING

When it 15 specified that there are to be no extensions to & building m the
future, and beaning i mind that the gable faming has to support onty half the
load carried by an mtermediate main frame, then the pable arangement
shown i Fig. 13.22 is commoniy used. Basically, the gable framung consssts
of inclined beam members (supporting the purfins and some gabie sheeting),
spanmng between the verticat gable posts,

™ — Rafg,
E esrmee="] i _.‘-';Eraﬁfg j: 168
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N B A \ 1.65
R >§ P WO N P N ] N O '_ =5 1.65
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bracing ' ' '
{a} Gable arrangement
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[&] Rafter bracing

In deciding the spacing of the gable posts, any dominant openings in the
gabies would have 1o be taken into account, However, i this sxample, 1t has
been assumed there are no openings and it 15 proposed that the gable posts be
positioned approximately 6 m apart, ve. the span for which the sheeting rail
was originally chosen. The gables are subject to a maximum wind pressure of
1.0 x .59 kN/m?® {see Section 13.10.1 -2). A quick check on the load capacity
of the sheeting rails (Multibeam R 145130) indicates that the proposed gable
post spacing of 6.250 m for the four intemal spans and 6.000 4 0.220
{est.}=6.220 m for the two outer spans 1s accepiable,

The m-plane stability for this relatively fexible gable framing 15 achieved
by tncorporating vertical gable bracing mnto the end bays of the pable {see
Fig. 13.22a). The bracing members are designed as struts, resisting the side
wind load acting on the comer pable pests. By tnanguiatng the bracing as
shown, additional wind lead is induced mto the edge members 1o the gabie
and bays.
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In order to sumplify the calculations m this case, 15 assumed thint the adge
member supports haif the sheeting down to the sheetsng rail Z, 1.e. the effeci

13.10.] Gable edge beams

o

For design purposes, consider the gable beams adjacent to the ridge of the
building as being typical of the edge members. Such members are ususlly
assumed to be simply supported, being designed to carry the gable cladding
and wind loads, as well as the purlin loads {based on the revised spacing of
1.500 m on pian), back to the gable posts. The actual leagth of the member to

of sheeting rail 1 1s 1gnored. Also, 1115 assumed that the resulting distributed

loads act uniformiy along the member.
Thus, the various unfactored loads acting on the edge member are:

Dead load vie each purtin. =(0.21+0.87)/2=035kN
Imtposed load via each purlin = (0.75 % 1,500 x 6.0y/2 =338 kN

TR P T P T o

be designed is 6.230/cos 10.41°=6335 m. : (snow)
,;‘1: Wind load via each purlin. = —(1.4 x0.39 x }.300 x 6.0)/2
13.10.1.3 DESIGN LOADING %?1 =372 kN
in most design situations the ioads are usually relative simpie to evaluate, but '35 Dead ivad (eladiing +

self weight) ={,13(2.15 + 1.00) x 6.230/4 4 2.3(est.}
=064 +4+23=294 kN

T
it
3

on oceaswons the time spent i specifying a loading regime preeisely {and

5

consequentiy the design forces) 1s ool worth the disproportionate effort. In
these cucumstances, 1 15 advantageous 1o make safe assumptions m order to
effect a quick design solutson. The assessment of the cladding weight acting
on the edge beam and the wind lead on that cladding represents one of those
occasions {see Figs. 13.22 and 13.23a).

Wind load acting on gable sheering The coexistent wind foading on the
gable, associted with the vplift coefficient of 1.4 on the roof {for wind on
the side of the building) 15 0.8 suchon {see Section 12.4.3 for explanation),
hence the wind ioad on the relevant gable cladding is:

—0.8x0.59 (2154 1.00) % 6.25/4=—-232 kN
1500 1590 1500 1600 250

?_.Z \[ ‘ ‘ l/ﬁnh!u edps beam

O)
@

Axial lpad due to wind on gable Wind on the gable genertes loads in the
rafier bracig sechion (see Fig. 13.22b). As the edge members form part of
this system, they have to carry axial load, the magnitude and nature of svhich
depend on the pariicular wind condition occurrng on the gable. For example,
assurming that the wind load on the pable s —0.8g, then with reference {o
Fig. 13.26(a), the appropoale axiai foad in the edge member bemg considered
1s —0.8 % 65.20=—52.7kN. Though there 15 frichonal wind drag across the
building, 1t 15 relatively small and is resisted by frame aclion and therefore
ignored.

Sheeting rait

™ o
e ey

’ The other wind case which might prove more entical occurs whes the
- wind blows on the gable end, producing 1.0¢ pressure on the sheeting, and «
Rost@%! " Gable post 6250 Gable past corresponding coefficient for the roof of —1.0¢. The latter results w reduced

uplifi forces on the roof members, but the axial load becomes compression
(1.0 x 65.29 kN). Also, the wind drag along the building 1s significant (see
Fig. 13.26b), producing compression m the edge member {1.0 x 1.4 kN).
Therefore, both wind cases have o be examined.

{n} Bimansions

Dead +imposed load case (Fig. 13.235) Factonng the loads by the
appropnate partiai load factors, the maximum momenis acting on the

4.77 ltotal member ase calculated, i.e.

(0.250 + 1,725 + 2,230 4 4.750)

Ry = (1.4 % 0.55 + 5.6 % 3.38)

6.25

14 x3.02
L 4,65 2
=6.18 x 1.60 +4.22/2 = 12.00kN
4.72 % 3.000°
L] =12 — [ —— ] i
Fig. 13.23 Loading for aég:lg:x:;ﬁ My = 1200 < 3.000 — 6.18 % 1.500 RS 23.7 kNm
gable edge Ie) Daad + wind foading fzetoret (kN) M, = 0.0kNm
beams
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Dead +wind load case

{i) Wind suction on gable (—0.8q): again factoring the loads with reference 1p
Fig. 13.23(c), the maximum design conditions associated with wind on the
side of the building are calculated, i.e.

Fi=14x527="1738kN

250+ 1. 250 + 4.
Rw:{wx0_55_1.“3_72}(0 50 + 1.750 4 3.250 + 4,750}

6.25
+ 1.0x2.94
2
= —4.66 x 1.60 + 2.94/2 = ~5.99 kN
2.54 .
M, = 599 x 3.600 + 4.66 x 1.500 — w = —11L.7kNm
625 x 2

M, = ~3.25 X 5.25/8 = —2.54 kNm

{ii) Wind pressure on gable {1.0g): using the appropriate wind coefficients for
this conditioa, then by similar calculations as in (i):

F, =117.2kN

M, = —8.9kNm

M, =+32kNm
MEMBER SIZE

As the member is loaded between the positional restramt provided by the
simple connections, then m =1.0 {BS table 13) and the member need only
satisfy the followmg criferion for the two design cases:
MM,
My pZ,

Unlike the purlin loading on intermediate portal frames where the load
supported by the purlins 15 balanced about the vertical plane of the portal
frame, the loading supported by the purling attached 1o the edge member is
not balanced. This represents a destabilizing condition and therefore n == |
{BS table 13).

Ag the member has been assumed to be simply supported, then the
effective length, Lg, = 1.0 x 6.355=6.355 m. For the dead +1mposed load
case, the top flange of the edge member s in compression, and is restrained at
wtervals by the purlins, therefore the effective iength, Ly, =1.0x 1.525=
1.525 m. However, the reverse 15 true for the dead -+ wind load case, i.e. the
bottom flange, bemng 1n compresston, 15 not restramed between the
connections, therefore, Lg,= 1.0 2 6,355 =6.355 m..

For lightly lcaded gable edge beams, a channel section is commonly used,
a5 1t can be bolted directly {when suitably natched) onto the outside of the
gable posts. This enables the cleats supporting the shecting rails {o be
positioned in the same vertical plane without the usc of special cleats.
However, 1t has been decided 1o use a UC section which has better properties
than a channel (weight for weight). The beams are to be positioned on the
centre lines of the posts, which might result 1n special cleats for the sheeting

1

< L0

i
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rails. An alernative to using special cleats 1s to arrange the centres of the
sheeting rails on the gables so that the rails are supported by the posis and not
the edpe members.

The design process can be shortened by making use of the tabulated values
for the bending and compression resistances, given in the SCI guide!™, for the
different hot-rolled sections for both grades 43 and 30 stecis. Therefore, with
reference to pp.32 and 176 of the guide™, a 152 % 152 x 30 UC is chosen
and now has to be checked.

Dead +imposed load case

F = 0.0kN
M, =23.7kNm
M, = 0.0kNm
Lg, =1525m
A =40
From p.176, SCI guide, for the chosen section M, =66.9 kN m, hence:
23.7
—— 0=0 0
66.9+00 0354 < 1

Dead + wind lpad case (i}

F, =T3.1KN
M, =11.7kNm
M, =2.54 kNm
Lg, =6355 m

A =166

From p.176, SCI guide, M, =35.7kNm and Py, =20.0kMNm, hence & sufe
csttmate of the member buckling resistance is obtained by ignorng the
tension:

i1.7 254
e oo e e 325 4 GU127 = 0. 2
%3 o 560 0 +0.127 =0452 < |

Dead +wind load case (if)

F,o=117.2kN

M, =8.9kNm

M, =32kNm

Lg, =6.355m
L =166

Using the compression reststance of P, =220 kN {p. 176, SCI guide) togather
with the values of M; and p,Z, already obtained, then
1§72 89 3.2

e b —— = 1.5 .24 160 = 0.942 < v .0
558 +35‘7+20_0 533+ 0248 +0.16 0.942 <

Use 152 x 152 x 30 UC

Use the seme section for all gable edge beams, and check tat a more severe
design condition does not exsst. A typical beam-—post intersection 35 detailed
m Fig. 13.24).

W compression. UL



http://www.cvisiontech.com/pdf_compressor_31.html

270

STRUCTURAL STEELWORK DESIGN TO BS 5350

12102

13,1021

Gable posts

The central gable post is to be designed as 1t has to sustan the worst design
condition of all the posts. The posts are assumed to be simply supported
between the base and the posstiona! sestruint provided by the rafier bracing
{see Fig. 13.22),

For the wind suction condition {~8.8 x 0.59 kN/m®), 1t would appear that
the inner compression flange 15 vnrestramned between the base and the
positionat restraint of the rafier brucing, The benefit of the sheeting rail
restraini on the outer tension flange could be taken into account by using the
stability clauses of appendix G, BS 5950, as was done in checking the wind
condition for the mam rafier, apex region {Section 13.8.2.3). In the latter
case, the likelihood of the purlins being removed permanently 1s very remote.
However, there 15 3 greater possibility that the owner {who may be different
from the original developer) may require other arrangements with respect to
openmgs in the fiure,

‘Therefore, 1t is decided {for simplicity) to tgnore this potentil benefit
from the rails, Nevertheless, it is felt that any openings would probably not
exiend above the eaves level, with the resuits that 1t 15 proposed o restram
laterally the mner flange of the five internal gable posts at eaves level, by
bracing back to the sheeting rail, i.e. 5.10 m from the ground. Therefore, the
design assumes that the gable posts are unrestrained up to the sheenng rail at
‘eaves level’, i which case the worse wind condition 15 the wind pressure of
§.0 x 0.59 KN/m®.

DESIGN LOADING

The axtal Joad includes the seif weight of the rails and post, together with the
caleulnted end reactions from the appropriate edge members, plus apex purdin
loads and weight of the cladding and insulation {not mcluded in end reactions
of edge members). However, the sl losd is usually relatrvely small, the
main ioading being the bending action induced 1nto the post by the wind
joading acting i the gable.

Dead +imposed lond case

F. = Ld4[(rails+post) 4 (end reactions +apex purlins) + (cladding)]
= |.4[0.6 x 8O0 +{0.55+338x 1.6/L.4)(2 x L6d + 1)
+0.13 % 8.32 {av. ht) x 6.25]
= §,4{5.34 + 18.89 4-6.76) =434 kN
M, =00kNm
M, =0.0kNm

Dead +wind load case The wind loads used in these calculations are based
on the wind pressuse condition, e 1.0x 0.39 kN/mmr”. Note that in this
combination of dead + wind, both the partial load factors are equel to 1.4, as
uplift 15 not the condition bamg examined.

F o= 14106 2 B.O0 +H0.55—2.72)(2 x 1.644- 1)+ 6.76]
=14(5.34— 13,57 +6.76)=—2.} kN (tension)

gryetCIETvEt
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Wind load on a typical sheeting rail is:
14 {1.0x0.59x1.65%633) =8.52 kN

Again, 1gronng the small jocal effect from ratl 1 (Fig. 13.23a), then by
proportion the wind load on rail 2 1s:

8.52[(2 x 2.15 - 1.00 )6+ 1.65/2)/1.60 =910 kN
and simifariy for the boltom rail, e wind Joad 1s:
852 (1.65+0.15)(2 % 1.60) =4 80 kN

Therefore, the end reactson at the top of the post 1s:
_ 480 x 005+ 8.52{1.B0 +3.45 + 5.10) -+ 9.10 = 6.75

Rz .00

= 16.89 kN
M, = 16.89 % 3.80 — 9.10 x 3.30 — 8.52 x .65 == 20.1 kNm
M, = 0.0kNm

13.10.22 MEMBER SIZE

By ignorng any restrant from the rabis below eaves level, then:
Lg=1.0=x510=510m: L, =1.0x890=890m

With the expenence ganed in Section 13.10.1.2, & 15 advantageous mitiaily
to design the gable post for the dead +wind load cases, and then check us
adeguacy for the dead +mposed load case.

Refernng to p. 134, SCI guide, o can be seen that a 254 x 102 x 28 UB
could be switable. Therefore, check the adequacy of this sechion, The buckling
resistance Af, of the unrversal section, for an effective fength of 5.10 m, 15
26.4 kN m, 1guonng the effect of tension, henee checking the dead 4 wind
lead case gives:

201

e 2 (761 < 1O

26.4 Secuon 15 adequate.

Use 254 x 102 x 28 UB

If the restrmint afforded by the rails is taken 1mto account, then the wind
suction lead case (0.8 x (.59 kNu’ml) would be tht worst design condition, t.e.
causing the inner flange to go 1o compression, in which case a e
254 % 102 x 25 UB would probably prove sansfactory.

As there 15 oaly 43.4 kN load acting on the pable posts for the
dend +imposed load case, then clearly the section 1s moere than adegualte, 1.€.
43.4/914 = 0.047 < 1.0. The compresston resistance of 914 kN is obtained
from p. 85, SCI guide!® Pipure 13.24 shows » typical detuil at the top of the
gable post.

The same Section stze can be used for all other gable posts. However, &
check should be made on the comer gable post, which, though supporting
only half the Joad, 1s subject to wind loads acting simuitancously about the
major and mnor axes.
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Frashing
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| Purlin depth
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Fail 7
depth %
: . . L
Fig. 13.24 Denil of gable £
beams and post {e} Elevation {8} Plan

13.10.2  Corner gable posts

it 15 Common practice to arrarge the cuter flange of the comer post fo be 15
the same vertical piane as the outer flange of the portal leg, 1.e. the comer post

/ sli¢ '\gf_sx 15 rotated througn 90° compared with other gable posts. This means the worst
112 | ] f destgn condition occurs when the wind direction is normal to the gabie,
B Xi 1 068 1 859 resulting i 2 wind pressure of 1.0 x 0.59 kiN/m? on the gable steeting and a
350 l -'l: 200 wind suction of—0.2 x 0.59 kN/m? acting on the side walls.
The typical wind load on a gable sheeting rail acting on the comer pable
i 1450 post is:
xf J_s.80 i
s22-[1 ! 1 LA(1.0x0.59 x 3.1 x 1.65) =422 kN
I [ The other reil Joads are obtamed by proportion, 1o give the loading pattern
' 1650 shown n Fig. 13.25. The end reaction at the top of the post about its minoe
/fl .__Eﬂ‘f axis for the loads acting normal to the web of the post is;
w2 T 2.30 x 0.15 +4.22(1.80 + 3.45) + 3.50 x 5.10
[ I Rep, = =6.78kN
! 5.95
| 1650 M, =678 x 2.5 — 3.50 x 1.65 = 11.2kN
H os
=3 |
238 ;\: 159 Also, the reaction about the post's major axis 1s:
4
] 0.46 x 0.15 - 0.84 x 1.80 -+ 0.80 x 3.45 + 0.66 x 4.90
Fig. 13.25 Loading n Rpy =
corner gable 3.95
post = 1.22kN
M, =122 %25 0.66 x 1.45 = 2.09kN

As was the case with the mtermal posts, the effect of the axsal load {which
wcludes the load induced by bracing) 15 extremely small and can be ignored.
Cheek that the section size used for (he intermediate gable posts 1s
satisfactory. Therefore, as the member 1s Ioaded between end restratnts,

m =1.0 and the design crilerion agamn becomes:

Mo g
A‘f}, p).f'lfy
2.09 [1.2

209 M2 o _ | ‘
773 T oars wgag = MO A LIGT £ 10 Inadequate
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13.10.4

[3.11]

Try a 254 x 146 x 31 UB section. From pp. 29 and 134, SCI guide™,
Z,=61.3 em® and M, =453 kNm, respectively, hence:
2.09 11.2

R LTI 0.046 4 0.662 < 1.0

Clearly, there 15 more thar enough reserve of strength to cater for the small
axial load.

Use 254 x 146 x 31 UB
In-plane gable bracing
Referring to Figs. 13.22 and 13.25, it can be seen that the wind direction

actmg perpendicular to the side wall would produce the worse design
condition for the diagonal bracing member, ve.

Wind load acting al lop of comer post =678+ 122 =8.00kN
Length of bracing member =/{6.20°+5955 =86 m
Wind load in bracing member =8.6x B00/6.2 =11 1kN

From p. B9 of the SCI guide, for an effective length of 8.6 m and a
slenderness not exceeding 250, use a 114 x 3.6 CHS.

OVERALL STABILITY OF BUILDING

The designer must always ensure the structural stability of the building, At
this stage, both the portal frames and the gable framing bave been designed
for in-plane stability, particularly with respect to side wind loading. However,
in order to provide stability to the building 1 its fongitudinal direcuon, ail
frames need to be connected back to a braced bay. Generally, the end bay{(s)
of the building are braced, so that the wind loads acting on the gables can be
transferred to the foundations as soon as possible, thereby not affecting the
rest of the structure. Another function of a braced bay 1s that i ensures the
squareness and verticality of the structuraj framework, both during and after
erection.

The typieal bracmg system for a portal framed building usually takes (he
form of rafter braeing in the plane of the roof space (positioned as close to
the top Bange of the rafier without fouling the purlins), tinked into a vertical
bracing system {Fig. 13.22). These bracing systems are designed to cater for
winid loading on the gable, plus the wind drag forces along the building.
Figure 13.26(a) mves the forces in the rafter bracing due 10 a wind pressure of
L.Gg, assuming that half the foad on the gable sheeting 15 tien by the
bracing, while Fig. 13.26(b) gives the effect of drag en the rafier bracing.
These forces are transferred via the rafler bracing to the vertical bracing
system, which also transfers the wind drag forces from the side cladding.
Figure 13.27(a} gives the unfactored loads in the vertical bracing transferred
from the rafter bracing due 1o a unit wind pressure (1.0g) acting on the gable.
Figure 13.27(b) indicates the unfactored loads in the vertical bracing due to
the wind drag forces acting on the roof and sides. From these two sets of
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Fig. 13.26 Unfactored
loads on rafter
bracing (k)

Fig. 13.27 Unfactored
joads 1n verhical
braceng (KM}
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loads, the factored loads for the different design cases can be deduced. The |
design catculations for both bracing systems for this example are not given, '

as they are similar to the appropriate detailed calculations given in Section
12.8. Also, to give longitudinal stability between the braced bay({s), eaves ties i
are reguired {see Section 12.8).

Those eaves ties give positional restraint to the top of the colamm
members. 1n the normal design siuation for portal frames {dead+imposed),
unless there 15 some means of connecting the eaves ties to the nside comner of
the haunch/column mtersection, then this somer cannot be construed as being

T T e
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1312

13.12.14

Fig. 13.28 Base details

restramed by the eaves nes. Such restraint 15 provided by bracmg back from
the corner fo & convement sheeting rail. Sometmes, a singie member 15
utilized to combine the two functions of eaves tie and gutter support.

DESIGN OF MAIN COLUMN BASE

The column base has to be designed for the vertical load, honzontal shear and
zero moment (*pianed’ base condition), The maxsmum factored horzontl
shear which anses from the dead -+ umnposed load case 1s F61.3KN. The
coexistent factored vertical load is 200.2 kN. However, the latter i baswally
the load from the roof, and any additional loading due to side cladding, :
msulation, Hner, ete, has to be mcluded, e

s Weight of cladding

(incleding msulation and liner) 0.13 x 6.0 x 5,93 =4.6

Weight of side rails S5x0045 % 6.0 = 1.41

o Self weight of colomn 101 x 5.95 x S.81/1000 =39 ¢ 12.8 kN

o Weight of guierdse teenes tha 29 1550 ‘
=09

Therefore, the total factored axial load 15 20024 1.4 x 128 =216 KN,

Design of column base-plate

As the base carrtes no moment, then the common detail i these
circumstances 1s either to piace two holding down bolts along the neutral axis
of the column section, at nght angles 1o the column web, or to pasition four
HD bolts juss mside the section profile (see Fig. 12.34). The latter detatl wiil
be used as it affords a certain amount of momen! resistance which coulid
prove useful in case of a &ret'™ and it helps erectors to pesition columns
accurately. Thus, the base plate should be made wide enough for the plateto
pe welded 1o the column, s.e. 620 mm x 240 mm {see Fig. 13.28). Note that
the grout hole n this relatively large base plate ensures that the grouung
cement can flow eastly under the entire base plate, thercby elimmating voids.

Grout hale B10 « 22% = 13t UB
g
127 mm dia. halding

down boits x 708 mm long

1T N
{a) Base plate P : ii ~ £
P a5 i E :L; N o
|
o l
Rase area~” 22m '
22mx18m | |

{6} Praposed foundaton binck
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13.12.2

Using a concrete mix for the foundation having a cube strength of
Jee=30N/mm?, the bearnp pressure should not exceed 0.4 x 30= 12 N'mpm?
{clause 4.13.1):

Bearing pressure =216 x 10%/(620 x 240) == 145 N/mm?

As the projections of the base plate beyond the profile of the column
seclion are munemal, then the formeia given in clause 4.13.2.2 cannot be used
as it would result 1n a small value for the piate thickness. Therefore it 15
recommended that the base plate thickness > flange thickness. Use a 20 mm
thick. base-plate (grade 43 steel); this s the mmmum practical thickness useq
n the construction industry for this size of base.

The welds connecting the column member 1o the base plate need to
transfer a horizontal shear of 161.3kN. If a fillet weld were placed
continuously around the profile of the column section then its length
would be approximately 2 m, hence the required design strength of the
weld 15 161.3/2000 = 0.08 kN/mm, r.c. nomtnal size s regutred, use
6 mm FW.

Use 240 mm X 20 mm x 620 mm long
Gmm Fw

Sizing of holding down bolts

Where the axzal Joad is transmitted by the base plate (without moment) then
nominal helding down bolts are required for location purposes; see Seclion
8.2 and reference (20). Assume four 24 mm diameter bolts, as smaller
diameter bolts are more prone to damage, Nevertheless, these bolts may need
to transfer the honzontal shear of 161.3 kN into the conerete foundation block
if the bond between stecl base and grout fails:

Shear/bolt =161.3/4 =403 kN
Shiear capacity of boit =0.160 x 353 =56.5 kN

Although the pertal frame bases have heen assumed to be pinned, the base
detail does generate a certain amount of fixing moment at the base piate/
concrele biock interface. It is recommended that the HD boits be designed
1o resist 10% of M), 1.e. 78.9 kKNm. It is not recommended to use this
partial base fixity in the design of the portal frame as there 15 no guaraniee
that the concrete block/seil interface would sustam the moment, 1.e.
retation of the concrete block would negate any pertiai fixity. There are
exceptions, e.g. piled foundations, wien ary builtan base fixity would he
matntamed,

Assuming the lever arm between the column flange and the outer bolts 15
550 mm, the tenston that would be induced in each bolt 1s:

Tension/bolt == 78,940,550 % 2) =71 2kN
Tension capacity of bolt «0.195 x 353 =688 kN
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13.13

The tension capacity of the 24 mm diameter baits {grade 4.6) 15 inadequate,
therefore use 27 mm diameter bolts (grade 4.6):
F, A
Z2anicya
Ps P.f -
40.3 712

—n e —— == {}. A e ], < 1.
73;4+39.5 0.594 -+ 0.796 = 1.35 < 1.4

Use four 27 mm diameter bolts (grade 4.6 steel)

It 15 advisable to use double nuts to prevent laosening of the nuts and the
possibility of thread stnipping.

DESIGN OF FOUNDATION BLOCK

The design of the foundations for any structure is very dependent on the
ground conditions that €x1st on site. It is important that e engineer has this
data available or some reasonable basis for formulating the foundation
design. In this case, a site nvestigation has indicated that the soil conditions
are such that they can support a beartng pressure of 150 kN/m®, This pressure
15 a permissible value and is applicable to serviceability conditions, ..e.
working load level, Therefore, the following design cases need lo be ehecked:

{A) 1.0wy,+ L.Ow;
(B} 10w+ idw,
(C) LOwg+ i.0w;41.0w,

First, determime the serviceability loads acting on the foundation block for
the design casc (A):

Load ex. roof =a[1.00w,+w)l Y(2cos 16.41%)
= L141[LO(1.60 +4.44)37.01/(2 = 0.984)
=1L14130.1 +83.5)= 134.5kN
Column loading =12.8 kN
F.=13454128=1473kN

This vertical load should be used in conjunction with the appropnate
honzontal shear, which 1s evaluated by multiplying the factored horzonta
lead by the ratio of the unfactored vertical load to the factored vertieal load,
Le.

Fr=161.3 % 134.5/(351/2)=123 6 kN

To be strictly comvect, the honzontal shear obtained from an efastic
analysis using unfactored loads should have been used, 12, 1214 kiN.
However, for portat frames with shallow pitched roofs, the two values are
almost identicalt®, e.g. 123.6 kN compared with 121.4 kM. Therefore, the
adjusted value from the plastic analysts 1s acceptable, The design case (A)
loading 1s shown in Fig. 13.29.
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123.6 kN ;

Fig. 13.2% Resuitani forces
on base

BL1 kN
1473 &N 1 !
T aF0m I |
7kN
1 | Floot fevel . ! | _
1 ¥ j
o | -
im.z kN L?B.Z ki
1
l !
{a} {b}

As shown n Section 12.11, design case {B) tends to govern the design of
the foundation block. In order fo maximize the wind uplift condition
{dead +wind), « 1s taken as unity, hence:

F,=30.1— 14059 x 6.0 18.5(1.4 x 0,75+ 0.6 = 0.25)} + [2.8
=+4+429—-110.0=—67.1kN

Agamn, using the horizomal shear from the plastic anzlysts, adjusted for
servicesbility conditions, 1e.

Py 157.2030.1 — 110.0M/[2.654( 1.4 x 30,1 — 1 10.0)} = 65.7 kN

Fipure 13.29(b) shows the loading for design case (B).

In the design of the foundation block for the column members in the
previous chapter (Section 12.11) the block was made square m shape,
However, with the column member size being larger in this example, it might
pfove MOTe ECONOMIC to use a rectanguliar shaped base. Again, use mass
concrete of sufficient depth to spread the vertical load ar 45° through the
conerete black to the subsirata. Therefore, try instially a foundation block of
2.2 m x 1.8 m » 1.0 m propartions, which weighs
32%1.8x1.0%23.7= 782N (see Fig. 13.28b). Hence, the bearing
pressure at the conerele/soil imterface for the maximum vertical load
condition 1 (147.3+78.2) / {2.2 x 1.8) =57 kM/m” which is sausfactory.

The combination of vertical and horizontal loads on the base should be
considered in design. The proposed foundation block mow has to be checked
to show the resubtant soil bearmg force liss within the middle third of the base
tenpth, Le. not more than L/6 {=0.367 m) from the base centre-line. Both
load combinations {A) and (B) are sow exammed. Antcipating the
magnitude of the overrurning moments, the column 1s positioned al 0.7m
from the centreline of the proposed block (see Fig. 13.29a). This causes the
resultani forces to act to the concrete/soil interface for the two cases:

123.6x 1.0~147.3x0.7

Case{A} TRENVLE =0.075m

69.7%1.0—67.1x0.7
e 2.2 (35
Case(B) 78.2-67.1 m
Case {B) 15 not satsfactory: had the margen been small, then one could
either mcrease the seze of the biock or allow some tension at the concrete/soil

interface, 1.e. cause the resultant to act outside the L /6 dimension. However,

{sansfactory}
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13.14

m this particular case ¢ would be economic to eliminate the moment doe to
the honzontal shear by tying the foundation biock to the floor slab (assunung
the siab 15 at the same level). That s, the floor acts a5 a tie and absorbs the
hertzontal shear. Remforeement would need to be incorporated at Roor slab
levei 1 both the siab and the block. Detailed design can be found 1 good
concrete design textbooks.

A special block will be required for the penultimate frame to
counterbaiance the additional wind epiift from the verticat bracing system
tsee Fig. 13.27 and Section F2.11).

OTHER CONSIDERATIONS

Although this example deals only with the design of a single-storey, priiehed
portal frame, the designer shouid be aware of other considerations which
might affect the final design, see Section 12,12 Furthermore, the portal frame
can take many forms, see reference {3), be subjecied 1o non-uriferm loading
and have several spans. Each frame needs to be designed carefully taking fid]
cagmzance of the available published information, the mamn erenia bewng
strength, stiffness and economy.

Though the strength of a portal frame can be readily checked by a plasnc
or elastic analysts, 1t 15 ymplicy that the stresses in the haunched region are
not greater than the appropnate design strengtis. The in-plane stiffness of the
frame 15 more complex, and apart {rom the guidance geven in BS 5950 the
reader 15 direcied to references (11) and (12) particularly for multi-span
frames. Member stability and design of connections continte to be researched
and agan the reader should keep up to date with current design knowledge
with regard fo these subject areas for example, reference 21,

In broad terms, economy 1s achieved by mumimizing the maiertal and
fabrication costs. The former might be compromised because of member
stability considerabons. The latter 1s dependent on ihe resources & particular
fabricator has available, eg. there might be a limit on the size of plate thai
can be punched and therefore 1t becomes economicat for that fabricator to use
stiffened thin end-plates, mstead of unstiffened thicker end-plaes.
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Fig. 14,1

14.1

Office block
fleor plan

14

DESIGN OF AN
OFFICE BLOCK -
COMPOSITE CONSTRUCTION

In earlier chapters, the design of individual elements such as beams, columns
and composite floors has been describea, Complete muln-storey structures
consist of a nummber of these elements fitted together to form a framework. In
addition to the design of individual eiements, the engineer must ensure that
the complete structure is stable under all loading conditions. For example, the
structure must be capable of withstanding some horizontal loading either
actual, e.g. wind (see Section 2.3}, or notional {see Section i0.2). As
empliasized in Section 1.5, when bringing together strucrural elements mto a
framework the destgner must ensure proper toad paths, i.e. reactions from one
element form loads on the supporting elements, and so on untit the loads are
transfenred to the foundations.

LAYOUT AND BASIC CHOICES

An eight-storey block, for general office Becupancy, is o be designed in
structural steelwork for s site on the ouiskirts of Newcastie upon Tyne. The
principal dimensions are shown in Fig. 14.1. The arrangement of each floor s
stmilar, allowing the steehvork layaut to be the same on each Acor, and on the
roof as well {with ninor madifications).

T T T 1 T T T c
] w
End b3
elevation [ Stars Stans 1
as Fig 144 :
R e E
= Toilets ; | | o

Bbays @ 50m=40m

.
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t4. 1.1

The destgner has to make basic chowces with regard to:

fioor comstruction

frame construction

starr construciion

resistance 1o wind loading

architectural details

integration of structure with building services

e o ¢ & & O

These choices will be made taking 1nto account:

e the ecoromy of construction, which may require specialist advice,
e.g. from guantity surveyors;

e the speed of construction, which may require Haising with
contractors;

e details of possible fimshes, which wil generally be decided in
conpusiction with an architect.

All these factors affect the final cost and quality of the building, and the
destgn team must produce 2 combination of these which 15 sansfactory to the
clieni. A review of the factors affecting multi-storey steel frame construction
1s given by Mathyst?.

Floor construction

The fioor construction could be 1 sitw resnforced concrete, precast concrete,
or compastte construction. For speed of construction a composite flooring
vsing a profiled steel formwaork 15 chosen. This form of construction has been
discussed in Section 9.6, and type CF60 by PMF®? has been chosen for the
present desiga, as shows i Table 14.1.

Table 14.1. CF6@ ~ 1.2 mun with EWAC (Courtesy of PMF Lid.)
Maximum spans in metres

.Concrete TIinposedt loading in kKN/m’

thickness

11k mm 3.0 4.6 50 6.0 7.0 80 9.0 0.0
120 383 3180 380 360 335 310 290 27D
140 3160 360 360 360 355 340 320 305
t60 143 345 345 345 345 345 340 335
80 330 330 230 330 330 330 230 330
200 330 2.2 3320 320 330 3260 3320 338
220 300 3400 300 300 306 300 3.0 180

This floor 1 cepable of spanming up 10 3.3 m with a lightweight aggregate
concrete, and design and construction details are given by Lawsen™ For a
fire rating of 1 hous, mesh reinforcement type A193 is recommended™,
giving a cross-section for the floor construction as shown n Fig. 14.2.

DESIGH OF AN OFFICE BLOCK ~ COMPOSITE CONSTRUCTION 2B3

Fig. 4.2 Floor
construchon

14.1.2

14.1.3

14.1.4

A193 fMesh

4 )

73
WA concrele

H
ISG mmi

200 mim CF&0 profile

Frame construction

The design of a mubti-storey steel frame may use the method known as ngsd
destgn (clause 2.1.2.3) or sumple design (clause 2.1.2.2). In ngid design, the
connections are assumed capable of developiag the requtred strength and
siiffness for full continuity. In symple design the conneclions are asstmed not
to develop significant moments, 1.2, beams are designed asswmng they are
simply supported. The choice between the two forms of construction 15
generally econemuc, and is outside the scope of this chapter. The presesmt
design assumes simple construction.

As discussed in Section 9.1, 1 is advantageous to make the slab and beams
act compositely, and such an armangement 15 possible with profiled steel
sheeting. Fire protection s required for the steel beams and a lightwerght
system such as Pyrotherm is chosen (see Section 15.4).

While 1t 15 possible io design the columns to act composttely with 2
concrete casing, Wt may be preferred not 10 mvolve the process of shultering
and in sty casing. In the present design, lightweight casmg for fire protection
is used, of the same type as for the beams.

Stair construction

A number of methods of st construction are possible, some of which
influence the speed of construction i general, and the access of operatives
duning construction,

Generally, concrete construction 1s chosen rather than an ail steel
arrangement, owing to the complexity of the steehwork fabrcatson. The
cancrete may be tn sun oF precast, or a combinatson of both. The chowe of
method may affect the supperung steclwork arrsnpement, and possible

“alternatives are shown in Fig. 143, For the present design, flights and hall

landings are supported separately.

Resistance to wind loading

The honzontal loading due to wind may be resisted either by frame action, n
which all the beams and colusmns act together, or by designing specific parts
of the structure to resist these forces. In nigid fame dessgn, wind loading
would be cluded as one of the load systems, and the frame analysed
accordingly. This 1s discussed further wn Sectien 14.8.

The alternative to frame action 15 to transfer the wind forces to wind
1owers, shear watls or bracing Jocated at specific pomts m the structure. These
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Fig. 143 Star
construction

14.1.5

14.2

4.2,

Flgor levai Floos

Half Hal{
landing tending
Floor lavet Floor
flights and landings Flights and landings
span togather span separately

wind resisting parts of the structure may be constructed in either stee) {as a
framework described in Section 10.3) or in concrete {as shear walls or shafts),
In the present design, a wind bracing framework has been chosen {Section
14.7), with a brief companson as to the effects of fame action {Section i4.8),
The final choice 15 based on both econermic and architectural considerations,
as ebove six to esght storeys the use of a wend fraime becomes cost-effective,
but its presence m the structure may affect both the fagade and the building
layout.

Architectural details

All details of the steelwork frame affect the appearance dnd layout of the
building ard the design team must be aware of the results of each other's
actions. Some further choices relate to external fagade construction, mternai
partttions, floor and eeiling finishes.

In the present design, & precast wall umit (below sill fevel) with glazing
above 1s chosen, grving loadings as mn Section 14,2, The same unit 1s used at
roof level as a parapet. Internal partitions are not defined in position, and an
allowance for movable lightweight partitions is made m the 1mpuosed floor
loading. A screened floor finish s allowed for, together with a lightwveight
suspended ceiling,

Imposed ioads™ and wind oads
Britsh Standard.

) are obtained from the appropriate

LOADING
Roof and floor loadinig

Roof loading:  CF60 slab 3.0kN/m?
Roof fnshes 1.8 kN/m?
Total dead load=3.0+1.8 = 4.BkN/m®

Imposed lowd 1.5 kN/m?
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Floor loading:  CF60 sish 3.0 KN/
Floor finishes 1.2 kN/m?
Total dead load =3.04 12 = 4.2 kN/m?
Imposed load 5.0kNm?
Partitions 1.0 kN/m?

Total imposed load = 5.0+ 1.0 = 6.0 kN/m?

14.2.2  Stair loading

Flights: Precast concrete 5.5 kN/m?
Fimshes 0.8 kN/m?
Total dead load=35.5+0.8 = 63 kKN/m>
Imposed load 4.0 kN/Mm®
Landings: Precast eoncrete 3.5 ¥N/m°
Finishes 1.2 kdNim?
Tolal dead load =354 1.2 = 4.7kN/m?
Imposed load 4 0kN/m*

1413 WYall unit and glazing

Roof parapet:  Precast umt 2OKNMm
Floor wall umt: Precast umt 20kN/m
Glazing 2.3 kN/m
Total dead lpad=2.04+03 = 2.3&kN/m

14.2.4  Wind loading

The following notation and method may be found m refercnce {6).

Basic wind speed I (Newcastle upon Tyne) 46 s

Topography factor §, 1.0
Ground roughness {outskirts of city) Type {3)
Building size {max. dimensson 40 m) Class B
Factor B5; (increases with height)

Statistical factor 8y (50-year exposure) 1.0

Design wind speed ¥, =8,5,5,V m/s
Dynamic pressure g =0.61312 N/m?
Faorce coefficient Cy=1.3 {for Aiv=1.6, Wb =0.8)

The wind speed and pressure vary with height, and the appropriate values are
shown in Fig. 14.4. The wind pressures may be resolved 1 forces al ench
floor level, which are alse shown in Fig. 14.4, giving values for one bay width
of 5 m only,
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Fig. 4.4 Wind loading

Fig. 14.3 Sseelwork
arrangement

14.3
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Tymcal fioor beams prefixT
Roof beams prefix R

ROOF BEAM DESIGN

A suteable arrangement of beams for ail floors1s shown m Fig. 14.5, Roofbeams
are denoted R, R2, etc., and typical floor beams {floors 1 10 7) are denoted T,
T32, ete, Using the composite slab {type CF60) spannng 3.3 m miaximum,
secondary beams type § to 4 must be provided to support the slab, at a spacmg
not greater than 3.3 m. These beams are supported on mawm beams 5 and 6,
which are 1n tumn supported by the columns. In the regton of the stair wells,
special beams may be required such as § and 10, and in thi vicinity of lifi shafis
there will be additicnal requirements and loadings affecting beams 11 to 14

Roof beam Rl -~ 152 x B9 x 16 UB

The design generally follows the recommendations of BS 3850: Part 3.1
and clause numbers are given for guidance where appropriate. With reference
to Figs. 14.6 and 14.7:

Effective breadth B, (= span/d) = 1250 mm
Concrete cube strength =30 N/mm®
Steel design strength =275 N/mm*
Beam spacing =325m

DESIGN OF AN OFFICE BLOCK — COMPOSITE CONSTRUCTION 287
150 ki¥ Loading: dead, 48%x50x3.25 =78kN
ED:ED:D:ED:Q\ own weight, 016 x3.0 = ikN
!‘*T—bi fire casing, 0.2x50 = JkN
- BOKN
i d 1.5% 5 25 =241
Fig. 147 impaose x5.0x3.25 FEN
? o Besign loading (u.d.l) 1.4 x B0+ EL6x24 =150kN
A -5‘- oo
TF I8 £% Shear force F, 150/2 =75 kN
& Momeni M, 150 x 5.0/8 =94 kNm
- Reactions {unfactored):
) - g
¥ E a3 Ry=40kN
Ry = 12kN
(See Fig 14.8))
i clause B.2.] Force in concrete R, =0.454, B. (D-D,)
Fig. 14.8 =045 x 30 x 1230 x (120 —60} 167> =1010kN

Force mn stee} R, = p A=275x20.5x10"" =564 kM

Neutral axis 15 m the slab, as A, > R, and therefore
xp =364/(0.45 x 30 x 1250)=133 mm
Moment of resistance =R, (D/24 D, —x,/2) _
A=564 % 10%(152.4 4+ 120 —33/2) 107 = 10} kNm
M /A, =093

{6}

clause 4.4 Modular mue'™ appropnate for deflections = [0

{one-thurd is fong team)
r=A/4D,~D,) B,
=20.5 x 107 / (120—60)1250 = 0.0273

Equivalent second moment of area
lg =4 (D + D, + DY rd(i+ur) + B(D,—D,¥ / 12a+1,
=20.5 x 10415242 4 120 + 60)Y[4(1 -+ 10 x 0.0273)]
+ 12300120 —60)° /12 x 10} + 838 x 10°
=3700 % 10" mm*=3700cm*

clause 6.1.3.5 Deflection (based on unfactored imposed losd, 24 kM)

3 % 24 x 5%/(384 x 205 x 3700 x 107*)=5.1 mm
Limut of deflection = 5000/360=13.9 nm

clanse 5 4.6 Use 19 mm diameter studs 100 mm high as shear connectors with design

streagth {(3) of SOKN.
Reduction due to profile miraduces a factor,
= 0.85/ /N x b, ID, % {h —~DVD,
=0.85/1 »x 113/60 % {106 --60)60 = 1.07
which shouid not exceed 1.
N, =F,A0.80)
=3564/{DE x90) =8

close 5.4.7.2

clause 5.4.3
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i
Note that the lower value of R, or R, 15 taken and constitutes the actual foree
i the steel and conerete,

Use @ toial of 16 studs along the beam.

clause 5.6.4 Lonpitudinal shear transfer (through the concrete) s not a likely problem

where the sheeting is attached by shear connectors to the beam.

Vertieal shear capacity P,
=06x275x4.6x1524 % 10 =116kN
F /P, =0.65

{b) Roofbeam RZ~ [52x89x16 UB

The design 15 as beam R1.
Beam spacing=2.75 m

Loading: dead 4Bx50x275= 66kN

own weight TEN

j fire casing KN

. 68 kN
imposed  1.5x5.0x275= 2]1kN

Design Joading =1.4 x 68+ 1.6 x 2] = 129kN

Moment A, =129x5W8 = BlIkNm
Reactions (unfactored):

Ry =34kN

R! = 1 1 kN

{c) Roofbeam R3-I52x8%xI[6 UB

The design 1s as beam R1.
Beam spacing=2.25 m

Loading: dead 4B x50x225=534kN

own weight -+ casing = 2kN

S6kN

tmposed 1.5 x 5.0 x 225 =1TkN
Reactions (unfactored):
R,’ = BkN

- {d) Roofbeam R4 ~ 152x89x 15 UB

clause 4.6 For an edge beam, the effective breadth, B, = 0.8 x 5000/8 = 500 mm

Loading: dead $.8x%50x%3.25/2 =39kN

own weight 4+ easing = 2kN
parapei 2.0 x 5.0 = 10kN
51kN

mposed 1.5x5.0x3.252 =12kN

AR T T

s
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Design loading =14 x 51 4+ 1.6 x [2=01 kN

Moment M, =91 x 5.0/8 =57kNm
Reactions [unfactored):
Ry =25kN
R; = ﬁkN
clause B.2 R, =045 x30 %500 < (120 —60) x 107 =405 kN

R, =275x20.5 x 107
Neutral axis 15 1n the steel as R, > R,
M, =[405{120+ 60)/2 + 564 x 152.4/2)10~% =79 kNm
MM, =0.76
N, =405/(0.8 x 90) =&

=564 kN

clause 82,2

Use a total of 12 studs along bepm.

{e) Roof bearn R5 - 254 x 146 x 37 UB

150 kN Roof beam camies veactions from two type R1 beams as weil as some
v - BN distributed load {see Fig. 14.9).
~ A Point load: dead 2x40 =80IN
E 5 ~ umposed 2x12 =2dkN
= Distributed load: own weight 037 x 6.5 = 2 kN
Fig. 14.5 casng 03x06.5 = 2kN
Design loading (point) =14 x 804+ 1.6 x 24/8 = 130 kN
Design loading (distributed) = 1.4 x 4 = OkN
Moment A, =150 x 6.5/4 46 x 6.5/8 =248 kNm
Shear force F,=(150+6)/2 =78 kN
Reactions {unfactored):
R, =42 kN
Ry =12kN
{See Fig. 14.10.}
1650
CF60 sfab 254 x 146% 37 UB
Fig. 14.10
clause 4.6 Effective breadth, 8, =6500/4 = 1625 mm
clause B.2.] Re=0.45x30 x 1625 (120 ~60) = 1300 kN
R, =275x47.5x 10" =[310KN

M, =[13000120+ 6002 +1310 x 256/2110™ = 251 kNm
MM, =08.87

ra=d47.5 % 10Y[1625 (120 —60)) 5 0.0487
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Following the calculation for beam Ri: : {h) Roof heam RB — 254 x {46 x37 UB

1, =17300em® i

This beam carnies one reaction from kype B3 beam as weli as distributed losd.
Deflection =24 x 65748 x 205 x 17 300 x 167% = 3.8 mm

5.4 = = Pomt load: dead =28 kN
clause 5.4.3 N, =1300/0.§ x 50) = 18 % - =
Use a totat of 36 studs slong beam. ‘ Distributed load: own weight- casing = 4 kN
parapet = 3 kN
, =0.6 %275 x 6.4 x 256 =2T0 kN Reactions (unfactored):

Ri =22kN
Ro= kN

F, /P, =028

Design 15 the same as beam R7.
Roof beams over the stair will support additional loads where stairs exit on
to the roof. The typieal stair beams are ncluded as beams T9 and T10 i

{f) Roof beam Ré - 254 x 146 x37 UB

This beam carres reactions from hwo type R3 beams as well as some ; Section Fd.4. Beams tn the lift shafl area will be designed to suit detailed
distributed load. tayouls and loadings for the lift motor roem, etc., and are not mcluded in this
: exampie.

Point foad: dead 2x28=56kN

imposed 2x 8 = 16kN

Distributed load = 4N )

Reactions (unfactored): 14.4 TYPICAL FLOOR BEAM DESIGN

Ry =30kN

R, =BkN The same arrangement 15 used for the steebwork on the rypical floor {floors |

to 7 inciusive) as that used for the roof. Some variatios may be needed in the
vicimty of the star wells and the Kt shaft

In general, the number of beam sizes used is kept 10 2 minmwm lo ease

Dessgn 15 the same as beam R5.

{g) Roof beam RT - 254 x146x37 UB oprdering and fabricanion. Two mizes only were used for the roof steslwork.
Four sizes will be used for the typieal Qoor, which 1s, of course, repeated
This benm carries reaction irom one type R1 beam as well as distributed Ioad. seven nmes.
The design ealeulations follow the fayout 1 Section 14.3.
Pomni load: dead = 40kN
impased = 12kN _
Distributed load: own weight +casing = 4kN {a) Typical floor beam T! ~ 254 x 10225 UB
parapet 20x 6.5 = 13kN
Design loading {point): 1.4 x40 +H.6x 12= 75 kN Beam spacing 3.23 m
Design loading {distributed): 1.4 x 17 = 24kN _
Mement M, =73 x 6.5/4 +24 x 6.5/8 =41 kNm Loading: dead’ 42x50x325=6BkN
own weight 0.23x50 = TkN
Reactions (unfactored): 254 kN casng 073x50 = kN
Ry =28 kN e — TOEN

R = BkN A imposed 6.0 x 5.0 x 3.25 = 98 kN

50m
se 4. flect ith, B.=0.8 x 6500/8 =650mm
clause 4.6 Effective treadth X Fig. 14.11 With reference to Fig. 14.11:
fouse B.2.1 ={,45 x 30 x 630 {12060 = 526kN .
clause B.2.1 ;c ___275 :‘57 Sxx ?D-fl ) = 1306k Design loading: §.4 x 70+ 1.6 x 98 =254 kN
r A - .
M. =526 {120 +60)/2 + 1306 x 236/2 =214 kNm Shear force £, =25412 =127kN
MIAL =0.66 Moment M, =234x350 = } 30 kNm
e =W Reactions {unfhctored): 1
= 526/0. N = ;
N, =526/(08 x 90)=38 - |
Lise a total of 16 studs along beam. R, =d49kN ;

A

web-optimization Witr
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1250 Effecuive breadth, B, = 1250 mm (see Fig. 14.12)
] | R, =0‘45x30x]250(120—69)1(}'; =100 kN

f T - R, =275 x32.2x 10~ = 886 kN
25 102 % 25 U M, = 1010(120 +60)/2 +BB6 x 2572 = 205 kNm
~ MM, =0.78
Fig. 1411 r=00429
I, =12 040em’

Deflection =5 x 98 x 5.0°/({384 % 205 x 12 040 x 107 =6.5 mm
N, =1010/0.8 x 90)= 14

Use a total of 28 studs along beam.
P, =0.6x275%6.1 x 257=259kN
F /P, =049
(b) TypiEaI floor beam T2 ~ 254 x 102 x 25 UB

Beam spacing 2.75 m

Loading: dead 42 x50%x2.75 =58kN
own weight + casing = 2kN

60 kN

imposed 6.0 x5.0x275 = 83kN

Reactions {unfictored):
R; =30kN
R, =41kN

Design 1s the same as beam T1.
(c}) Typical floor beam T3 - 254 x 102 x25 UB

Beam spacing 2.25 m
Loading: dead 42x5.0x225 =d7kN
own weight 4 casing = JkN
49 kN
mposed 8.0 x 5.0 x 225 = 68 kN

Reaclions {unfactored):
Ry =25kN
R; == 34 kN

Design 15 the same as beam T1

(d) TTypical floor beam T4 ~ 254 x 102 x 25 UB

Loading: dead 4.2 x 5.0 x 3.25/2 = 34kN
own weight +casing = 2kN
wall+glazsng  23x5.0 = 12kN

48 kN
imposed 6.0x% 5.0 x3,25/2 = 49kN

Design loading: 1.4 x 484 1.6 x 49 = 146kN

el
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(2)

255 kN
10N

65m
Fig. 14.13

Moement M. =146 x 5.0/8 =91 kNm
Reactions funfactored):

Rd 224'{1\[

R, =25kN
B, =500 mm
R, =[0.45 > 30 x 500{ 120 — 60)] 1073 =405 kN
R, =275%32.2x 107" =886 kN

M, =[405 (120 + 60)/Z + 886 x 257/2]107> =150 kNm

MM, =0.61
Ny, =405/0.8 x90)=6

Use a total of 12 studs along beam.

Typical floor beamn T5 - 356 x {71 x 57 UB

This beam carnes two reactions from two type T1 beams as well as some
distributed load.

Point load: dead 2x 35 = TN
mmposed 2 x 49 =08 kN
Distributed load: own weight 0.57 x 6.5 = 4kN
casing 0.4 % 6.5 = kN

(Sez Fig. 14.13)

Design loading (pomnt): 1.4 x 704+ 1.6 x 98 =255kN
Desipgn loading (distributed); 147 = QLN
Shear force £, == (255 4+ 102 =133 kN
Momeat M, =255x6.5/4+ 0% 6.5/8 =422 kNm
Reactions {unfactared);

Ry =38 kN

Ry =49kN

B, =1625mm

R. =1300%kN

R, =275x 722 x 10”' = 1986 kN

M, =[1300 (120 + 602 + 1986 x 358.6/2310 ™ = d73 kiNem
&, AL =0.89

r =0.0741
=38200cm*
Deflection =98 x 6.5 48 % 205 x 38 200 % 107%) = 7.2 mm
N, =1300/(0.8 x90)=18

h"“-t

Use a total of 36 studs along beam,

P, =06x275 xB0x358.6=473kN
F./P. =018
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(h Typical floor beam T4 -~ 356 x |27 x33 UB

This beam carnes two reactions from two type T3 beams as well as
distributed load.

Pomi load: dead 2 x 25 = 50kN
imposed 2 x 34 = HBKN
own weight +casing = 4kN

Design loading (pownt): 1.4 x50+ 1.6 x 68 =179kN

Design loading (distributed): 1.4 x4 = 6kN

Moment A/, =179 x 4.5/4 +6 x 4.5/8 =205 kNm

Reactions {unfactored):

Ry =27%kN
R =34N

B, =4500/4 =1125 mm

R, =045 x30x 1125 (120 —60) = 911 kN

R, =375 x41.8 x 107 =11530kN

M, =[911(120 + 60)/2 + 1150 x 348521107 =282 kNm
MM, =073

N, =0911/(0.8 x90}= 13

Use » totai of 26 studs along beam.

(g} Typical floor beam T7 -~ 356 x 127 x 33 UB

Span 6.5m
Point load: dead = 35kN
umposed = 49kN
Disinbuied Joad: own weight + casing = 4kN

wall + glazing, 2.2 x 6.5 =15kN
Design loading {pomt) 14 x35+ 1.6 x49 =127kN
Design loading (distributed): 1.4 x 19 =26kN
Moment M, = 127 x 6.5/4 +26 x 6.5/8 =238 kNm
Reactions {unfactored):
Ry =27kN
R, =25%N

B, =630 mm

R, =326kN

R, =275 x 418 x 107 =1150kN

M, ={526 (120 + 60)2 + 1150 % 348.5/2110 7% % 248 kNm

n

N, =326/(0.8 x90)=8

Use a total of 16 studs aionp beam.
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(h) Typical floor beam T8 - 356 < 12733 UB

Span 4.5 m
Point load {T3): dead = 25N
mposed = 34 kN
Distributed load: own weight 4 casing = 4kN
wall +glazing 2.3 x435 = 10kN
Pesipn loading (pomdt): 1.4 x 25+ 1.6x 34 = BOkN
Design loading (distributed): 1.4 x 14 = 20kN
Moment A, =89 x 4.5/4 4+20 x 4.5/8 =111 kiNm
Reaetions {unfactored):
Ry =19kN
R, =17kN
B, = 450 mm
R, = 364kN
R, = 1150kN

M. =233kNm
MM, =048 _
N, =364/(0.8 x 90) =6

{ise a total of 12 studs along beam.

(i) Typical floor beam T9 ~- 254 % 146 x 37 UB

This 15 # non-compostie beam m the stair well supporting piecast flight and
ianding uns,

Span 3.0 m

Loading: dead 63 x5.0x2.5/2 = 39kN
4.Tx50x2.0/2 = 24 kN
own weight +-casing = 4kN
67 kN
mmposed 4.0 x50 x4.5/2 = 43kN
Design toading: §.4x 67+ L8 x 45 =166 kN
Shear . == 166/2 =83 N
Moment M, = 166 x 5.0/8 =104 kNm -
Reactions {unfactored):

Ry =34kN !
R, =23kN

clause 4.2.3 Shear resistance Po=0.6%273 %64 x 236 =2T0 kN
F/P, =031

clause 4.2.3 Moment capacity M, =275 x 485 x 1073 =133 Nm

M, M =078

Deflection=3 x 45 x 50%/(384 = 205 x 3560 x 107"}=6.4 mm
Limst of deflection = 5000/360 = 13.9 mm



http://www.cvisiontech.com/pdf_compressor_31.html

PR DEMULTURAL S5 TEELWORK DESKSN TO BS 5950

I7TEN

M

B4 kN

IEEEENNEERERENEE
{
13

d45m
g 1414

BS table 9
BS rable 13
BS table 16

BS iable 14

B85 rable 11

14.5

Typical floer beam T10 - 356 x 171 x57 UB

This 15 a non-compostte beam m the stair wel| supporting a reaction from
beam T9 as well as some distributed load. Lateral restraint zlong the beam 15
provided only by beam TS. The design of such unrestrained beams 15
discussed i greater detzil in Section 3.2,

Span 6.5 m
; Pomt load {T9): dead =34 kN
: : imposed =23kN
Distributed load: own weight + cladding = 4kN

wall+glazing, 2.3 x 6.5 =1SkN
(See Fig. 14.14.) '

Design loading (pomt): 1.4 %34+ 1.6%x23 = B4kN
Design loading (distributed): 1.4 x 19 = 27kN
Maximum shear F, =84 x4.5/6.5+27/2 TEEN
Moment M, =84 x 2.0 % 4.5/6.5+27 x 6.5/8 = 138 kNm
Reactions {unfactored):

At At Ry =20kN

R,‘ = TkN
At B: Rd =28 kN
R; =16kN
Effective length [e=4.5 m
m =10
n =0.94

A =4500/39.2=115
! Ve =115/28.9=4.0
v =0.86
Ay =094 %088 x0.B6x 115=82
e =16} N/mm?
My =161 x 1010 % 1072 = 163 kNm
MM, =085
P, =0.6x275x8.0x358.6 =473 kN
FJ/P, =015

COLUMN DESIGN

Loads for each column smust be calculated, and n the present design three
columns are selected as typical: an external {side) column Cl; a corner
colomn C2; and an internal column C6. Further cofuruns couid be designed
wrdividually i desired.

Column loads are best assembled ffom the unfactored beam reactions,
with dead and imposed loads totalled separately. The imposed leads may be
reduced where a column supports more than one fioor. The reduction is 10%
per floor vntil 8 maxtmum of 40% is reached, and 40% thereafter. This
applies to buildings up to 10 storeys, and 15 detailed in BS 6399 Cofumn
toads must include an allowance for seif weight and fire casing.

‘The design load condition 1s 1.417,+ i.6m,
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{a)

D Beam'T5

l Beam?d_li LSeamTtS -{
N

Coiumn icads

COLUMN Cti

Reactions Rd, RS, T4, T5 are taken from Seclion 14.3(d), ete., and are
tabulated overical. With reference to Fig, 14.15, typical calealations for
column loading are given:

Column length: 7th floor —roof:

Total Wy =254+254-4244 =06kN
Total W, =6+6+412 =24 kN
Design load F =14x96+1.6%x24 =173kN

Column length: 6(h-7th foors:

Lolumn C1 Tatal Wy =96 +24+24 438 +4 = {86 kN
Fig. 14.15 “Total W, =24425425+49 = I23kN
Reduced W =09x123 L PLEN
Design load =14 x 186+ 1.6x 1 =d3BKN
In the same way, each 1able may be completed, see beiow.
Column Beams Reactions Totals Reduced design
Iength Own ———~  Red-
Ry R; weipht ¥y i uction H% foad F
(k) (kN) (1N} (LN} (kN {%e) (kN) (1N}
COLUMN C!
R R4 25 4 4
R4 25 6
RS 42 i2 95 24 1} 24 173
67 T4 24 25 4
T4 24 25
Ts 38 49 186 123 16 1t 438
5-6 ditto 86 95 d 27% 223 pii] 178 671
4.3 ditto 86 99 4 166 321 30 2335 872
34 ditto 86 9% 4 456 420 40 352 140
-3 ditte &6 99 4 546 518 +0 311 1260
-2 ditto BA 99 4 G636 618 40 371 1480
G-1 ditto 86 99 & 728 77 40 430 1710
COLUMN C2
7-R R4 25 6 4
R7 28 G 57 12 1] 12 99
6-1 T4 24 25 4 _
T7 27 25 F2 62 0 56 246
5-4 ditto 5t 50 4 167 k2 0 90 378
45 ditio 51 50 4 232 162 jo 113 452
34 ditto 51 50 4 277 a2 40 127 561
2-3 ditto 51 50 4 3132 263 40 137 716
1-2 dittn 51 50 4 387 312 40 187 841
G-1 ditto 51 50 6 44 362 L1 217 Y68
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Column Beams Reactions ‘Totais Reduced
tengih ree——ee— ¥R e Red- design
R, 1A weight "y W; uction 1 load F
{kN) Ny (N} {RkN} {kMN) Yo} {kN) {kN}
COLUMN C6
7-R R2 34 10 4
2 34 10
s 42 12
R& 390 g 144 &0 & 40 265
b7 T2 30 41 4
T 3n 41
T3 33 49
T4 27 34 AR 205 1] 185 678
5-6 ditte 125 163 4 462 370 20 256 £040
4-5 diito 125 165 4 331 533 30 375 §340
34 dilto 125 165 4 660 700 40 420 1600
2-3 ditto 123 165 4 789 865 40 519 1930
1-1 ditto 123 165 4 9i8 1030 40 6i8 2270
G-t dinto 125 165 6 1049 1195 40 717 2610

Fig, 14,16 cltmise 4.7.6

clause 4.7.7

BS mble 6
BS rable 24

AS tables 23, 27¢

clause 4.7.7
clause 4.7.7
BS able 11

clause 4.8.3.3

Column C} design: Ground — st floor ~ 203 x 203 x 86 Uc

Over this length, the column cames an axial load of 170KN. The reaction
from beam T5 at first floor level is eccentric to the column. With reference 1o
Fig. 14.16:

e =100+2223/2=211 mm
Res =133KN

The nominal moment is divided berween cotumn lengths above and below
the first floor equally, assuming approxmmately equat column stiffniesses:

M, =133x021i/2=14kNm
p, =265 N/mm®
Lg =0.85x47 =400 m
i =Lg /r,=4000/53.2=15
2. = 167 N/mm”
P, =pdg =167 % 110 % 107" = 1840 kN

m =10
Arr =0, :»L"rymﬂ 53 x4T00/53.2 =44
py =244 N/mm?
My =ppSy =244 x 979 % 1073 = 239 kNm

Overall buckling check (simplified):
FiP. -+ mM, /My <1
1750/1840 + 1.0 x 14/239=0.98

Using the same method, other lengihs of the column may be dessgned and the
results tabulated. Where floor beams providing directional restvamt are
substantial, and are not required to carry more than 50%% of their moment
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Coluimn  Size F M, A Pe P, Arr P My Cheek
lenpth (RN} {kMNm} Nimmb) (kD) Nmm®y (kiNm)

G-l 03 x203x86 UC 1710 14 75 167 1840 44 244 239 0.98

-2 203 x203xTHUC 1488 14 a0 281 1830 35 265 213 0.47

2-3 2032 =60 UC 1280 14 61 199 1518 E I 177 491

Jod 203 x 203 x 46 LT 1640 I3 62 197 1166 6 27 135 0.99

-5 ditte 872 3 sat ssfactory

3-6 ditto 671 13 satssfactory

67 152 x i5¥x 30 UC 418 12 82 157 6680 48 243 &0 0.93

TR ditto 173 14 susfactory

te)

Ry7=T7BKN « —7

&2

=)

(2=

Rrs=74 kN I 3

[ -y
100
Fig. 1417

BS table 6
BS rable 24

ABS tables 23, 27c

clause 4.7.7

BE able 11

clause 4.8.1.3

capacity, the effective lenpth may be taken as 0.7 of actual length for column
lengths above the first floor. The dessgn strength, p,, 18 ”65 N/mm?® for
column sections greater than 16 mm thick and 273 N/mm? for sections less
than 6 mm thick.

it 15 the normal practice, 1m the mierests of economy, for columns 10 be
fabricated in two-storey lengths, and assembled on site using splices. Itis not
therefore good practice to change column size for every storey, and m this
case the same size (203 x 203 x 86 UC) would probably be used between
ground and second floors, and one size (203 x 203 x 60 UC) between second
and fourth floors.

Column C2 design: Ground —~ Ist floor ~ 203 x 203 x 68 UC

Over this length the column carmes an axial load of 968 kN. The reacitons
from beams T4 and T7 at the first floor are both eccentnc to
the column. With reference to Fig. (4.7

For T?: e =100+209.6/2 =205 mm
For T4: =100+9.3/2 =105mm

Ry =14 %27+ 1.6 x25 =T8N
Rya =14% 24+ 1.6 x25 =74kN

M, =78 x0.20512 =8.0kNm
M, =74 %0102 =3.9kNm

P, =275 Nimm®
L =0.85x4.7=4.00m
A =d4000/51.9 =77 .
p. =167 N/mm®
P, =167 x75.8% 107 = 1260 kN

nr o= 1.0
irr %05 % 4700/51.9 = 46
7y = 248 N7mm®
M, =348 x 652 x 107 =161 kNm

Overall buckling check {simplified):
FIP A md My +mM/p 2, <)
06812604 1.0 x B.0/161 4 1.0 % 3.9/(275 = 199 x 107 = 0.89
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Using the same method other lengths of the column may be designed and the
results are fabulated below.

Column Size F M M, pS Pe P X My Check
iength (kM) (kNwe)  (kNm) {Nlmmz} (liN) (Ntmm*) {hNm)

G-t IWxAW3Ix60UC 968 B8O 19 17 i67 1260 46 248 161 0.89
i-2 W3 x203x46 UC 841 T8 R 62 197 Heb 36 27 135 0.86
2-3 ditto 76 1% 38 satisfactory

34 ditto 591 79 38 satisfactory

&5 152 % 152 =37 UC 494 r . 38 81 15% 754 48 243 5 0.99
5-6 152x152<300C 378 10 . 38 82 157 660 48 243 66 (.94
-7 ditte 246 62 . 34 satisfactory

7R ditio 99 87! as satisfactory

(d)

Fig. 14.18

As for column CI, two-storey lengths at the same size are preferred.

Colurmn’ Cé design: Ground ~ ist floor - 254 x 254 x 1312 UC

Over this length the column carries an axisl load of 2610 kN. The reactions
from the beams at first floor level are eccentric, but wiil tend to balance each
other, see Fig. 14.18. The difference between the reactions from T5 to T6
will, however, give a net moment about the major axis. Note that the effect of
the absence of imposed load on any beam {pattern loading) is not {aken into
account, and all beams are considered fully loaded {clause 4.7.7).

Columu  Size F M, b Pe P, Ler Py My Checl
fength {kN) {kNm) (N/mm®) {kIN} (N/mm?} {kNm)

G-t 254 x 254 x 132 UC 2610 37 60 195 3300 35 265 496 0.80
=2 254 %254 x 85 UC 2270 36 48 217 2470 28 265 326 0.93
-3 254 x 254 x73 UC 1930 15 49 222 2060 - 29 275 X D.9B5
ER . ditto 1600 s satisfactory

45 203 x 203 x 80 YT E340 35 61 199 1310 36 271 177 0.9
5-6 203 x 203 x46 UC 1049 3.6 52. 197 1160 36 7N §35 092
6-7 §52x152x37 UC 678 3.5 81 159 754 48 243 75 6.95
TR 152 x 152 x 30 UC 265 4.} 82 157 600 48 243 60 0.51

e
e

e | o
e s
T
T
Column L6

il
© 152% 15230 UC

s

o

i ~

6 hize
cglumn bolts

14.6

o | Beam T3

356x ¥
x571)8

a
—

IM
baam hedts

~1— AL

Fig. 14.19

As previously, two-storey lengths at the same size are preferred.

CONNECTIONS

The design of typical beam to column connections is given in Section 3.7{g).
A typeal connectton for the present destgn 15 detailed for beam TS to cotumn
Cé. With reference to Fip, 14.19:

Beam reaction {Section 14.4e)=1331&N
Moment =133 x 0.05 =067 kNm

Use 9 no. 20 mm bolts grade 4.6
Use 2 no. 90 x 94 x 10 angle cleats
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(2)

clause 6,32
clause 6.3.3

)

_; Wind bracings

Column holts

Shear/bolt 133/6 = 22.2 kN )

Shear capacity Po==160 x 245 x 10~ =392 kN
Bearing capacity of boits Py, =20 x 9.4 x 435 % 107° =813 kN
where 9.4 55 the column flange thickness.

Bearn bolts

Vertica) shear/bolt=133/3 =44 3 kNN
Honzontai shear due to eccentne bending moment,

Mo 1247 =67 x 01042 < 0.10%) =33.5kN
Resuitant shear/bolt ={44.3% 43350 =553 kN
Shear capacity (double shear) P, =160 % 2 x 245 x |0~ =784 kN
Bearing capacity of boit Pop=20xB.0x433 =T73.1 kN

Angle cleat

Shear arez of cleats =2 x 0.9 (300 x 10—3 x 22 x 10) =4210 ram?
Shear capacity P, =0.6x273x4210x 1073 = 6U5 KN
Shear force F, =[33kN

Fig. 14.20

' 14.7
{a)

l. Resuiltant

. 375 kN

> /1 hY

; THI0 kN m

Fig. i4.21

Similar connections may be designed for ]l other beams. Where a beam 1s
designed for composite actton, such as T1, T2, T3 and T4, no ioad 1s
considered to be transferred to the column by the slab, and the cleat and bolls
should carry all the beam reaction.

Splices connect the ends of cach section of eolumn 1ogether so that leads
are iransmatted benveen them satisfactorily. Sueh conncchions are
propertioned in accordance with empirical rules as shown m Steel Designers’
Manual'® Typcal splice details are given by Needham!? andg sC70'P

WIND BRACING

As discussed in Section i4.1.4, and previousty i Section 10.3, the wind
loading may be designed to be carned by a wind bracing. It is commonly.
convenient to Jocate the wind bracing at starc/lift wells where the diagonal
members may be hidden by bnickwork. In some ssuations, such as mdustnal
frameworks, 1t may be satisfactory to leave the wind brasing expuscd.

An arrangement for the beacing ts shown 1 Fig. 14.20, The stair wells
provide [our frames w the lateral direction {two frames m the Jongitudinal
direction) as shown.

Loading and forces

Force above pround floor level is the sum of the forces shown m
Fig. 14.4=87.3kN (for ene 5m bay).

Foree on each lateral wind bracing,
W, =187.3 % 8.4=375kN
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Fig. 14.22

{b)

BS 1akle 2

BS 1able 27¢

BS rable 11

clause 4.8.3.3

Moment of wind forces abeul ground level 15 the sum of the
{orces x heights shown m Fig. 14.4=35530kNm
Momen! on each nternal wind bracing

M, == 3550 % 8/4 =7100 kNm

Considenng the part of the frame between ground and first floors and
analysing as a pin-jointed frame {see Fig. 14.22):

R, =T1006/4.5 = 15380 kN
R;, =375 kN
Fers = 1580 kN compression
Faiagonat == 375/cos 46° = 540 kN tension
Fe = 1580540 sin 46° = 1190 kN tension

As discussed in Section 10.2, cross-bracing aliows a tension only design for
the diagonals. For this arrangement wind from either direction produces
tension i the appropnaie diagonal, but tension or compression m the
columns.

Colurmn C7 {G-1} - 254x 254 x 167 UC

The forces in column C7 will inctede dend and imposed loads similar to C6
(Secnion 14.5);

Wy =1040 kN
W, = TITKN
i¥,. == 1580 kN compression or 1190 kN tension

Lead combinations for maximum compression.
either 1.4 W4 1.4 W, =14= 1049+ 1.4 x 1580 =3680kN

ar 120+ 07, + 1] =12
{1049+ 717+ 1580) = 4020 kN

Load combination for maximum tension:
1O P14 Wo=10x 104914 x 1190 = — 61TkN

F. =4020kN
AL, =3.TkNm {sec note below)
A = 4000 / 67.9=159
p. =197 N/nm®
P, =197x%212x107" = 4180kN

Ay =0.8 x 4700/67.9=35
1y, =265 Nimm?
M, =265%2420 % 107> = 641 kNm

COverall buekling check:
4020/4180+3.7/641 = 0.97

Note that M =3.7kNm s used as m Section 14.5, This value could be
reduced to take account of the Jower values of y used here {1.2 W+ 1.2 7,
in place of 1.4 Wy+ 1.6 ¥, in Section 14.5), but this would have lintie effect.

:
;
;
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“TECIHNOLOGIES

{<)

clause 4.6.3

clause 4.6.1

14.8

Column C13 (G-1) ~ 254 x 254 x 167 UC

Taking the dead and imposed loads as similar o those m columa Cl:
Wy =T28kN
W = 430kN
i, = 1580 kN compression or [190kN tension

Maximuem compressien:

Ld [Wy40,] =14 (7284 1580) =3230kN
L2 [y Wik 1] =1.2 (728 +430+ 1580) =3200 kN

Maximum tension:

1.0 Wyt 14 W, =10x728 —14x1190 = 038kN
F, =038kN

F_ = 3290kN

M, =10.5 kNm (sze note after Section 14.7(b)}

P, =4180 kN

My = 641 kNm

Overall buekling check:
3290/4 180+ 10.5/641 =0.80 ;

Diagonal {G-}} - 203 x 89 channel

The force due to wang only W, == 540N tension
id W, =7156kN tension

Net area of web (allowing two no. 24 diameter holes across secron)
=3032 %81 —2x 2 x 8.1 = [260mm’
=3790-1260 ! %2530 mm*
Multiplier =3 x 1260/(3 % 1260+ 2530) =0.60

Effective area  A,=1260+2%2530% 0.60 . =2780 mm’
Tension capacity FPy=dA, p,=2780x 275 x 1973 =765 KN

Area of flanges

F/P,=736/165 = 0.99

The design of all members in the bracing system follows the method outlined.
The bracing system in the direction 2t right angles 15 designed 1 a sumifar
manner. '

H - e

i
WIND RESISTANCE BY FRAME ACTION

Previous design codes {e.g. BS 449) pernutted a simplified frame action for
wind resistance, and design methods for this appear in, e.g. Sreel Designers’
Manual™ The method makes a number of assumphions regarding shear
distribution and pomts of contraflexure. Altheugh these methods once
enjoyed wide application, they are no lenger sanctioned ander BS 593
Part 1.

i
T

i
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, Frame action to resist wind toading requires the frame elements to be
connccted by ngid joints, and the design 15 thus controlled by section 5 of BS
5850: Part 1. Plasuc or elastic design 1s pemutted, but the honizontal joads
must be applied fo the whole frame and forces analysed accordingly {clauge
5.4.2).

An afternative design method using simple connections for vertical
toading, but recogrizing their stiffness m the design for wind loading, has
been examined by Nethereot!!?* This is shown o give some advamtages, but
may lead to. some overstressing.

Frame action for wind resistance has the disadvantage economicaily of
more complex connections, as well as mcreased member s1zes generally,
These costs must be offset agaimnst the saving of the wind bracing m any
ECOROMIC COMPAniSon.

STUDY REFERENCES

Toprc References

Mathys J.H. {1987) Multisiorey sicel buiidings ~ a new
generation, Structural Engineer, vol. 65A, no. 2,
pp. 4751

{1985} Profiles for composite floonng, Profiles for
Concrete. Precision Metal Formung Lid

i. Steel buildings

»t

. Profiled sheeting

3. Composite skabs Lawson R.M. (1989) Composite siabs, Design of
Composite Slabs and Beams with Steel Decking,

pp. 5-8. Steel Construction fnstitute

4. Fire resistance (1986) Fire resislance.of composite stabs wills steel

decking. CIRIA Speciat publication 42

BS 6399 Loading for Buildings
-Part 1: Dead and imposed loads (1984)
Pant 2: Wind ioads

Britisk Standards Institute
CP3 ChagpterV Part 2.

BS 5950 The Siructural Use of Steehwork Buildings
Pare 3.1: Design of composite beams (] 990)

5. Leading

6. Wind loading
7. Composife beams

8. Imposed load Reduction in total imposed fioor Joads.
reduction BS 6399 Loading for Buildings
Part 1: Dead and imposed lpads ( 1984), clause §

{1972} Design of connections, Sreel Designers” Mamual,
4th edn. pp.707-78. Blackwell

Needham F.H. (1980} Connecliens in structural
steetwork for buildings, Strucrural Engmneer, vol. 584,
no. 9, pp. 267-77

(1992} Jowns m Simple Constucnon vol. 2, Steel
Construction instifute

9. Cohunn sphices

10, Colummn splices

H. Celemn splices

12, Frame action 1972} Wind on multistorey buildings, Sreel Desigiers’

Mamual, 4th edn, pp. 847-67. Crosby Lockswaed Stapies

Nethercot DLA. (1985) Joint action and the design of
steel frames, Structtral Engineer, vol, 63A, na. 12,
pp. 371-9

13, Frame action

15.1

15.1.1

15

DETAILING PRACTICE AND
OTHER REQUIREMENTS

FABRICATION PROCESSES

The designer needs to have an understanding of die processes mvolved in the
fabrication and erection of structural steelwork. This understanding 15
necessary to ensure that:

{a) all the details shown by the designer are capable of fabneation;

(b} the effects of the fabrication processes on the design are allowed for, c.g.
corrosion traps, plate distortion 1 cropping and bending;

{e} the details shown do not involve unnecessarily complex, time-
consumung and hence costly processes: ]

(d} the responsibilities of the fabncator are clear, e.g. what assembly of
cleats is required prior to deiivery to site;

(e} the details chosen should allow a safe means of erection.

The processes imvolved in styuetural steeiwark fabnication, and the
teguirements of good design, are described by Taggart™ Other publications
are available giving fuller desenptions of steelwork fabncanon'™

The processes may be summanized as follows.

Surface preparation and priming

Surface preparation 15 usuafly carmed out either by blast cieaming or by use of
mechantcal tools. In blast cleansng, an abrasive material is projected at high
speed at the surface to be cleaned, The abrastve matenal can be metallic
(*shot® blasting) or non-metattic such as slag or other minerals (‘sand’
blasting).

Altematively, preparation may be carried out by a vanicty of mechanieat
tools, such as wire brushes and sanders, or by mechanicai chisels and needle
guns. These are usually less effective than blast cleaning bul may be used 1n
smaller fabrication works and on site prior to the final pasning,.

Primung of the steel surface 1s camed out mmmediately after cleaning with
the surface clean and free from moisture. A number of different prImers are
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Fip. 15.3

15.1.2
P5.8.3
Bending and

forming

available, and their use should take sccount of the processes which are to
follow. In particelar, some pomers may give nse to hazardous fumes dunng
subsequent cutting and welding, In additien, some pnimers may interfere with
the welding processes which ate to be used.

Cutting and drilling

The steel sections or plates are cut to length and size by guillotining, sawing
or flame cutting. Guillotimng 15 a process of shearing steel plates to the
required length and width, and cropping is a similar process, but which may
be applied to steet sections. The method may be limiled i its use for &
particulur fabncation by manor distortion and burring which require
subsequent correction.

Sawmng may be cormed out by ciwrcular saws, hacksaws or handsaws.
Clean, nccurale, strarght cutting may be achieved.

The thermal cutung process (‘flame’ cutting) svolves a number of
different sysiems which may be process controlled, and used to produce sfeel
plates cut o 2 predetermned profile.

Drilling of the required holes 1n steelwork may be carmed out using single
asnd multi-spindle machines which may be set to produce a pattern of holes
determined by a template. Punching s also used for making hoies, but this
has a limited use owing to embnitlement of the edge of the hole and possible
edge cracking. Punched holes should not, for example, be permited in
connections which are designed to develop yeld lines,

Bending and forming

In more complex steelwork assembly, bending of sections and plates to
specified shapes may be needed. Sections can be bent to circular and other
profiles as required, but with the lecal radivs of curvature limited by the
proportiens of the sections. Presses are used in bending plates to form
sections of specified shape. Examples are shown in Fig. i15.1.

UTA
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[5,1.4

Fig. 15.2 Types of weld

15.1.5

Welding

Many welding processes are available, bul metal arc welding 1s the one which
is normally permitied for steelwork fabrication. Manuai metul arc welding 15
used for attaching end plates, cleats, etc., 1o steel members, while automatic
gas shielded processes are used for the fabncation of plate mirders. Different

-types of weld {Fig. 15.2) are used w different suuations and further details

may be found m BS 5315 and speciatist literature™ ™"

Fiilel weids Butt weld [single V) Butt weld

{doubla bevail

Inspection and protection

Inspection of the steelwork 15 carmied out at several points i the fabneation
processes. The most important of these are at entry and afier welding. Before
commencement of fabrncanon, the steel sections or plates are checked for
straightness, and where steel is subject to stresses applied perpendicular to the
direction of rolling, the material should be examimed by ultrasonic techmgues
to detect hidden defects. Defects discovered at a later stage can prove costly
to rectify, and may mvolve rejection of a fimshed iem. Welding 1s tested on
either a sample basts (say 5%) or fully. The methods used may be ultrmsonsc
or radiographic or may mvelve the use of dyes or magnetic particies. The
¢hoice of method will depend on the quality control required, accessibility,
and the relative importance of the weld to the overall structure. Tenston
welds are normally tested to a greater frequency, and someumes all welds m
tension are reqwred Lo be tested.

Final surface protection of the steelwork 15 carned out both in the
fabricatien works and on site. Hwill imvolve the retreatment of damaged
prier and the applicatton of a variety of fuushing pants from oil wnd resm
pased pmnts to polyurethanes and chlonnated rubbers. [n addition, special
fintshes using metallic coatings are available where additional proteciton 13
adwvisable, For some special types of structure faivamzing is selected as the
means of preventing corrosion {sce also Section 155).

STEELWORK DRAWINGS

In practice, the production of steelwork drawings 15 to ensure that the onginal
concepis for the structure shown in the calculzbions and sketches are
translated 1nto complete nstructions tor fabricating and erecting the steel
framework, Individusl firms masetain varying practices for detailing
structural steebwork, but will include some or all of the ttems described in this |
section. Some puidance regarding detailing prachee 15 geven in o BCSA ;
publication

(83}
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15.2.1

15.2.2

{5.2.3

For the student the preparation of scale drawings will assist n:

(a)
{b)

visualizing the structure being designed:

bringing arecognnion of relative size, e.g. the slendemess of a
particuiar member, or the relaticnship of a bokt hele to the member
size and edge distance;

adopting a discipline in providing complete mformation both in
drawing and in calculation.

fc)

Construction drawings

The first drawing produced by the destgaer 15 one showing the overall
relationship of the steel framework 10 the other building components. This
general arranpement drawing will have plans, elevations and sections
showing elearly the refative positions of floor slabs, cladding, walls,
windows, foundatiens, etc., to the steel framework. Multi-level plans as
stown n Fig. 133 are useful i condensing much information into one plan
view. For the designer, the general amangement 15 essental to ensure hat ail
the client’s requirements have been mcluded, that the steel framework 15 fully
compattble with the other bullding componenis, and that the structure is
shr?sm to be mherently stable with discernable load paths to the foundations.

|
(

Steelwork general arrangement

The layout of all the steelwork members and their relationship to each other
must be shown on onie drawing, This will be used by the steeiwark erectors to
assembie the framework with s connections on site. For the simpiest of
structures, it may be possible to show this information on the construction
drawmgs, but more usually a special drawmg of the steelwork layout 1s
RECessary.

This layout (Fig. 15.4) will show only the steelwork with principal
dimenstons and grid Hnes, It will mcorporate a numberng system for cach
steelwork member and may give member sizes and other details, This latter
wmformation is, however, usually placed in a steeiwork schedule on the lavout
drawing, or on a separate sheet (Fig. 15.5). In addition, this general
armangement drawing will need to show the mformation reguired to enable
the connections 1o be designed and detailed. This takes the form of end
reacttons {and moments where appropnate), beam levels and eccentricities.
Forces and monents mugt be clearly indicated as factored or uafactored.

Fabrication drawings

The fabrication process requires drawings of the steelwork mermbers m full
deiail showing precise sizes, lengths, positions of holes, etc. While m practice
these drawings are often produced by the fabricators themsetves, 1t 15 useful
for the student to draw fabrication detaiis.
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schedule

Fig. 5.6 Beam fabneaoon

i5.2.4

This ensures that the design concepts are practicable and develops the
discipline of conveyng thesc concepts with precision.

An example of 4 heam [abnication drawing 1s shown m Fig. 15.6. The
mformation required witl melude;

size of member and steel grade;

precise length, allowing for clearance at each end,;

size of notches and any other special shaping;

size and position of bolt koles, but rot bolt sizes;

welds types, size and length where appropriate;

parts (such as cleats) to be connzcted during fabrication, and in this
cage anby the bolt sizes are appropnate;

e notes giving number of members required, any handed (mirror
unage) members required, reference to pamnting preparanon and

specification.
154 190 100
m _ 30x90x 1% cleais 4 no. 22 holes !
59 —F N
if&1~ {sae detail} s]| o
a 160 o @
a « @
o & bl
L; 457X 191 x T UR I
B9 =
1080 140 60
1 2459 1

Connection details

Reference has been made to connection detatls previously {Sections 3.6, 6.6
and 8.3) and the overall need for neat and balanced solutons to design
problems has aiready been emphasized (Section 1.1). Guidance regarding the
arrangement of connections and thewr design 15 given by Pask' and
Needham® for beam and column construction with J- and H-sections. The
British Stee} CIDET publication'™ gives guidance for the use of hollow
sections, mcluding consiection arrangements. Momst® deals specifically with
connections for single-storey structures.

DETAILING PRACTICE AND OTHER REQUIREMENTS 31

15.2.5

Drawings of connections may onginate with the designer, partseatarly
when a special arrangement has been assumed 1 the calculations, and a
sketch detail has been given. It is important that sketehes of such details are
conveyed to the fabneators when they are responsible for connection desiga.
Typical connection details showing bolt sizes, packs and clearances sunilar to
those referenced above™® may be needed where site erection 1s not the
responsibility of the fabnceators.

1t is useful for the student to detail some of the assembled eonnections
required by the design, 1 order to become aware of the difficulties a
parucular arrangement may cause, and its effect on design capacity. Where
the fabncator 15 required to design the connections, details of forces and
moments (Factored or unfactored) must be provided (see Section 13.2.2).

The precise behaviour of particular connections 15 complex and the subject
of ongoeing research. The performance of connections 15 generally defined by
the three permisted design metheds. These design methods are defined us
simple design, semi-rigid design and fully rigid design. The ‘sumple’
method 1s based on the assumption that bearns are simply supported and
therefore umplies that beam-to-colwmn connections must be sufficiently
flexible sc as to restrics the development of end fixity. Any honzontal forces
have 10 be resisted by bracing or other means.

The design code perrmts the use of both elastic design and plastc design
within the context of fully ngid design. This method, based on full conunuiy
at the connections, pives the greatest rigidity and economy {in terms of
weight of steel) for a green framework. Whether or not a fuily ngid design
produces more economic structures in terms of cost 15 continually bemng
debated. Any honzontal loads are resisted by ngid frame action. ‘Moment” or
‘nigict’ connections required by this design method must be capable of
carrying the design bending moment, shear force amd axial foad, while
rmaintaming more or less the angle between connected members, 1e. 1he
required connectton should behave ‘nigidly’

It previous chapters, simple design has been assumed in most cases, and
simple connections have been designed. In Chapter 13, however, fully rigid
design has been assumed and moment connections have been desined
accordingly.

Movement joints :
i

Movements occur 1n buildings owing to clmn'ges of temperature, moisture
content, foundation arrangements, ete., and in buildings of unusual shape or
s1ze 1t may be necessary to accommaodate these movements by provision of 2
joint, For single-storey construction, the provision of an expansion jomnt
should be considered when the length of the structure exceeds about 150m.
For multi-starey cprstriction, expansion jotnts may be required at tesser
lengths (say 70 m), but 1 addition settlement joints may be necessary a1
major height changes, and for unusual plan shapes.

The simplest jont 1s provided by dividing the structure at the jomnt and
placing columns on cither side of the jomt. Jomt details mvolving members
sliding on a bearsg, or the use of slotted holes, are less desirable due (o their
greater complexity and uncertan lifespan.

Npressor:
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2. 15.7 Fire profection

15.3

15.4

COST CONSIDERATIONS

Previous discussion {Section 1.1) showed briefly thet a mintmum weight of
steehwork would not necessarily produce the minimum cost structure,
Clearly, simplicity i fabrication and repetition of member types affects total
cost significantly. .

In multi-storey construction, cemparative costs will be influenced by the
choice of floor system, especially the use of composite steel deck floors
(Chapter 9). In addition, simplicity of layout and connections has its effect on
the speed of constraction, and hence on the considerable cost of servicing the
capital mvolved in such a building project. The arrangements for wind
bracing and staircases also have cost effects, and these and other factors are
discussed in reference {9).

Comparative costs of smgle-storey eonstrizction will depend on both the
spacing and span of frames as well as the form of structure cheosen, The mast
common forms of structure are included in a cost compansen by Hormridge
2nd Morris™®. The charts produced may be used for seutling the baste fayomt
and choosing the best spacing and span for a single-storey structure. They
aiso provide guidance on the cost effects of the choice of a particular form for
the lrcrof stRicture,

1
FIRE PROTECTION’

The protection of 2 building structure from the effects of fire ts required by
regulations to provide adeguate time prior to collapse in order to;

e ailow for any occupants to feave
e allow for fire fighting personnet to enter if necessary
o delay the spread of fire 0 adjounng property

To achieve these requirements it is often necessary (o cover the bare
steelwork with a protective coating. This may be simply concrete cast around
the steel with a light steel mesh to prevent spaliing, or any one of a number of
propretary systems. These may be sprayed on to the steel surface, or may
take the form of prefabricated casings clipped round the steel section,
Examples of each of these are shown 1n Fig. 15.7. Details of 2 wide range of
these systems are set out by Elliort!!t2

Systems of fire protection are designed and tested by their manufactusers
lo achieve the fire resistance periods specified in the Building Regulations.
These peniods are somewhat inflexible and 2 more fundamentat destgn
approach 1s possible using structurat fire engimeermg!'®'® 1n this desgn

Steal

/ mesh

P SAATITL

e ———,

Zriee])

Concrete cased Sprayed Pretormed casing
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15.5

approach, an assessment of the maximum atmosphere lemperature is made
from the fire joad, ventilatron and other conditions. The heating curve of the
steel member is then estimated, aliowing for the location of the sieel and Hs
proteciion, Finally, the effects of temperature on the structusal capacity of the
steelwork are determined.

Special requirements apply 1o steel portal frames where they forn pant
of the fire barmer to adjacent buildings. A method of destgang portal
frames to ensure the mtegrity of the boundary wall in severe fires 15 gIVEn i
reference (]4).

CORROSION PROTECTION

The detailing of steeiwork can affect the manner and speed of corroston. Care
should therefore be taken to mmimuze the exposed surface, and 1o avord
ledges and crevices between abutting plates or sections which may retain
maisture. Protective coalings are dependent for their effectivensss on their
type, quality and thickness, but most of all on the degree of care taken 1n the
preparation of the steel and in the application of the coating.

The mechamsms of corrosion form a specaal study area, and this ts basic to
the proper protection of steeiwork, This area, together with mformation on
coatings, surface preparation, inspection and mamtenance, 1s discussed 1n a
CIRIA report"®. The choice of a protective system usuaily nvolves
consultation with experts 1n this area. The cost of proiecuon viries with
the importance of the structure, 1ts accessibility for maintenance, and the
frequency at which this can be permitted without 1nconvenience Lo the users,
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APPENDIX A

PLASTIC S5ECTION PROPERTIES

With reference to Fig. Al.
Area d =d, -+ A,
Mentral axis at posttion of equal area above and below it, hence:

A S+ dyf =d,02 — dyi+ A,
dy = Adg il _
S, =2drdpt td i
Sy =y (d—d,)+ A (dprdpy+ o (di2—d,) 02
S A2 d V2 Ay (D24 T2 —d,)
=2y dpt td4 1,4, (D124 T,i2 —d,)
=5+ td, Ay (V2 + T2 —dp)

I
Et ASTIC SECTION PROPERTIES !
With reference to Fig. A2

Area 4 =A;+ 4y
Meutral axis at centroid, hence:

Ad, =4, (D124 T,/2)
d, =d, {D + )2 . :
e =do+ A, d2 A, (D2 + 1,02 —d.)
Z, = 1/(DI2+d)

F

Note: the formuda for 5, 1gnores the effect of the root fllets associated with, |
rolled I-sections; exact values can be obtmined from the SCI publieation :
Steehvork Design, vol.1, Section properties, member capacuies. These
formulae apply only when the neutral axis of the combined section Hes in the
web depth, I the ncutral axis lies within the flange of the I-section, the
vartous section properties would need fo be determined from first pnnciples.

- - . .
ag
O
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To Area 4, Neuytral
p axis ot
- - combined
4 / section
bR X ==X
di2 dy ™t
vz g i
i | S—
: A Rolied section
1 progerties A, 5,
i
f
5
To Araz A,
e
(57 X —X
Jo
] e £
[27] Aolied section
properiss A,, 1,
P S ——

APPENDIX B

A RAPID METHOD FOR ASSESSMENT OF a, FACTOR

The followmg methed gives an assessment of n, {the stress distribulion
factor) for a typical Brtish haunch detail where & UB cutling of the same
section as the rafter 15 used o5 the haunch, producing 3 haunch depth of
approximately twice that of the basic rafter section. The resulting value of »,
can be used in the vanous formulae dealing with member buckiing, BS 5950,

I[N 3N, 4Ny, 3N, N Ne W
8 - 1 2 3 4 3 9 A3 _ I3
" \/{lzfm [R. %R TR +Rs+—(Rs RE)J}

where

M, = plastic/elnstic moment capacity of basic section (py Sy oF 2, 2}
N; =applied factored motnents at quarter pornts {kN i)
R, = coefficient applied to uniform rafier moment capacity to
produce an estimate of moment capacity at posnt 1

) =[145+0.90(p* —0.20) 4+ 0.70(p* ~ 0.45)]  plastic
' =[1.60+0.65(p* ~0.20) 4 0.50{p* — 0.45)]  elastic

« _ length from inlersection to point ¢+ within haunch
BT o=
total length of haunch

; NOTES

{a) All compound terms have to be positive, otherwise make zero.

(b} R;=1.0 when N, s located in the uniform part of the rafier.

te} If guarter pomnt coincides with intersection, K =R, = 1.0,

(d) If intersection lies between two guarter pewnts then N, nearest to
intersection n the uniform seetion becomes Niprer with Rypper = 1.0,

(&) Particular values of (N/R) camnor be used in congunchion with the
appropriate modulus to evaluate ndividual stressss,

(fy If L* {=Lifem, ) 15 tess than actual length plus 100 mm, then an
exact check of n, must be made; see Section 13.8.1.2.

Exampies

These examples are made with reference 1o plastic conditions; the
corresponding K; values for elastie conditions are noted 1n parentheses.
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APPENDIX B

Fig. Bl

Fig. B2

Fig. B3

L

Speciaf case, when restramed length equais haunch length, with
reference {o Fig. B1:

Ry =[1.454090(1.00 —0.20) + 0.70{ £ .00 — 0.43) = 2.555 (2.395)
Ry =145+ 0.90(0.75 - 0.20) +0.70(0.75 — 0.45) = 2,155 (2.107)
Ry=[1.45+0.90(0.50~0.20)+ 0.70(0.50 — 0.45) = 1,755 {1.820)
Rs;=[1454-0.90(0.25—0.20) +-0.70(0.25 —0.45) = 1.495 (1.6332)
Rs =R,‘m,,—= 1.00 { 100)

With reference to Fig. B2:

Ry =[1.45+0.90(1.00 ~0.20) -+ 0.70(1 .00 — 0.45) = 2.555 (2.395)
Ry [1.45 4 0.90(0.67 — 0.20) + 0.70(0.67 - 0.45) == 2,027 {2.015)
Rys=[1.45 +0.90(0.33 — 0.20) + 0.70(0.33 —0.45) = 1,567 (1.684)
Ry=1.00 (1.00)
Rs=1.00 {1.00)

With reference to Fig. Bl:

Ry =[1.45 +0.90(1.00 —0.20) +0.70{1 00 —0.45) = 2.555 {2.395)
Ry =[1.45 +0.90/0.63 —0.20) + 0.70(0.63 —0.45) = 1963 (1.970)
Ry=[1.45 +0.90(0.25 ~0.20) -+ 0.70{0.25 — 0.45} = 1.495 (1.632)
Ry= Ry =1.00 (1.00)

Rg=1.00 {1.00)

3060
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Adequacy factor, 232, 236
Angle section
design, 188, 235
cleats, 35, 40
compound, 216
deflection, 49
mament capacity, 49
purlins, 42
shear capaeity, 48
side ralls, 42, 48
Apex connection
see portal frame
Axial compression, 81, 84, 195

Base plate
see column bases
Beam
Iaterally resseamed, 29, 32
loeal mament capacity, 30, 84
mesmber buckling, 31
secondary, 36
uarestramed, 29, 36, 55
Beansg pressure, 95, 99, 219, 276
Beading strength, 31
Bokt
nzes, 32
capacifies, 237
grade 8.8, 257
holding down, 95, 100, 219, 276
HSFG, 69, 257
Ioads, 35, 98, 102, 103
Braced bays
loadt, $70, 194
Aracing, 65, 113-116, 119
connechions, 2k
forces, 113, 199
gable, 115, 205, 265
in-piane, 273
multi-storey, 114, 119
rufier, 196202, 274
single-storey, 115
systems, 64, Fid, 115, 265
vertical/side, 1i5, 116, 119,
196-204
British Standard
BS 2373, 52
BS 4360, 8, 10
BS 5400, 6, 123, 159
BS 5959, 5, 6, 13, 123 )
B3 6399, 7, 16, 33
Brutle fracture, 6, 109, 139

Buckling
mades of failure, 29, 8283
parameter, 29
resistance, 20, 31, 38, 45, 51, 5B
simple design, 30
see afso member buckhng

Capacsty, 9
Channej section
buckling resistance, 45
deflection, 47, 49
moment capaciy, 45, 49
shear capaoity, 44, 48
Chord
see lastce msder
sua fTuss
Cladding, 42, 165, 166, 171
Classification of sections, 10, 31, 8]
compact, 31, 186
plasuc, 30, 181
semi-compact, 31, 186
slender, 31, 181
Coexsient shear, 30
Cold-formed sectons, 42, 171, 228
Columa member, 80, 191, 217, 243,
296
axial compression, 81
bases, 94-56, 99, 218, 275
battened, 81
brackets, 96-98, 101163
design, 83
laced, 81, 91
local capacity, 84, 154
member buckling, 85, 194
stendemess, 82
Compact section
see chassification
Composiie
beams, E08&, $10, 286, 291
construction, 105, 281
deflection, 109, 112
floor/roof slab, 103, 110
toca] shear, 108
moment capacity, 106, 113
shear capacity, 106, 11}
shear eonnectors, 167, 111
slab, i
transformed section, 109, 287
Compression yesistance, £9, 183,
186, 188
Conperete slab, 18, 32

Conngclions

apex, see ponal frame

degipa of bolts, 32, 35, 39,
101-1063

eaves, see portal frame

eecentne, 70, 83

latnee girder, 205-212

site splices, 212

truss, 70, T1, 15

web cleats, 34, 39, 300

Continuous spans, 49
leading, 18

Corrosion protectian, 224, 313

Cost cansiderabion, 164, 312
Crane girder, 52

braciag, 116

bracket, 102, §03
braking lead, 53, 53
crab; crabbing, 33
diaphragm, 58

dymuruc effecrs, 17, 53
loading on, 17, 54
pverhead, 53

i surge, 32, 55

surge girder, 61-63
web bearsng, 69, 62
web buckling, 59, 62
wieel loading, 32, 53

Dend load
see loud

Deflection, 10, 34, 39, 47, 48, 51, 60,

53, 76, 124, 139, 223
limuts, 11, 31

Design examples
bracing, 146, F19
column ~ mdustrial building, 85
crane girder bracket, 104
composite beam, 110
continuous spans, 18
gable wind girder, t16
paniry gmrder, 17, 33, 61
laced column, 91
latuee gerder, 76
multi-span purlins, 49
muiti-storey wend bracimg, 119
plate girder, 123, 129, 135, 145
portet frame loading, 21
purlins, 43
restrained beam, 32
side Tails, 47

v
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slab base, 99
wuss with sloping mfter, 71
unstramed beam, 36
Jesign of compiete buildings
single-storey bntiding,
see lattice pirder
see portal frame
multi-storey building,
seg CoOmposie construction
Jesign requirements, 5
Jasign strength, 10, 30
Jetaiiing practice, 305
Jiagonal braces, 255
Jrawsags, 12, 307
connechion Jetaiis, 310
censtruction, 308
fabncation, 368
general arrangement, 308
Jurapility, 6

saves connechion, 256
:aves tie, 2053, 274
iconomy, 5, 164
iffecurve area, 89, 187
Iffective fength, 29, 244
{lasne modulus, 36
caleulation, 315
nd plate, 256
hole posiions, 256, 264
thickness, 58, 264
weids, 257
guvalent moment facior, 30, 31,
38, 184, 244, 240,353
-quivalent slenderness, 30
crection, 4, 59, 312

abncation processes
beading and fonming, 306
cuiting and drilling, 4, 306
painting, 305, 307
surface preparation, 305, 313
welding, 307
aligtie, &
wrz; fire protection, 167, 223, 312
arce
coefficients, 21, 24, 169
componenis, 44
oundation block, 219, 277
rame Stability, 242
ncucnal drag forees, 170

nable

edge beamns, 266

franung, 2035, 265

posts, 6G, 115, 197, 205, 270
iantry gisder

ioading, 17
susset plate. 70

Guteer, 167, 191, 275

Haunched mentbers
see portal frame

Holding down bolts
sew boits

imposed lpad
see lpad
Influence lines
moment, [9, 54
shear, 20

Lacisgs, 93
Lateral restrmint, 29, 38, 45, 49, 243,
2457252, 255
Lateral torsional instability, 29, 31,
46, 243
Lattice girder, 81, 66, 76, 163, 174
analysis, 66, 176-180
bottom chord, 185
bracing, 196
forces, 199
rafter, §99-201
verireal, 200-204
wind, 198-207
column bases, 218
conaections, 207714
diagonal members, 188
eaves tie, 196, 205
foundation block
ioad cases, 219
wied uplifi. 219-22}
gable posts, 1946, 205
general details, 164, 203
load cases, 176, 192, 219
iongitudinat ne, 186, 199, 204,
214
mun column, 18]
member forees, |76-180
averall stability, 196
preliminary decisions, 165
purlins and sheeting rails, 170
self weight assessment, 167, 190
site splices, 186, 211
iop chord, 181
wind suction, (85
Layout of calculations, 11
drawings, 12
references, 12
results, 12
sketches, 11
Load, 32, 36, 66, 222
coefficienss, 24
combinations, 7, 16, 24, 25, 86,
176, 192, 219, 235
crane wheel, 54, 55
-dead, 7, 15, 167, 229

distribution, 7
umpesed, 16
pattern, 19, 20
snow, 7, 16, 167
transfez, 7
wind, |6, 167, 235, 283
Locat buckling, 11, 181, 231
Local capacity, 30, B4, 89, 91, 182,
194
Longrtudinal we, 183, 203, 212

Member buckling, 85, §9, 92, 182,
194, 243, 245, 250, 152
apex region, 252-254
haenched rafier, 245
Meduius
eiastie, 30, 315
plastic, 30, 315.
Moment
capacty, 3}, 33, 37, 45, 49, 50, 57,
&2, 89, 127, 129
coefficients, 21, 24
Mems stiffener
see shear stiffenmg
Movement jomnts, 311
Multi-storey office block
fee compesiie constuction

Noteonzf load, 113, 257, 281

Other considerations, 155, 222, 279
bnttle fracture, 159
corrosion, 224
deflections, 223
ereciion, (59
fatigue, 154
fire, 223
general, 224
lnading, 222
temperature, 159
transportation, 159
Overall buckling
see member buckling
Gverall stability of buildings, 196,
273-279

Partial safery factors, 7
Plastic analysts, 26, 229242
Plastic modulus, 232
caleulation, 315
Plastic moment capacity, 30, 229,
231
axwal toad effecy, 232, 244, 253
Plate girder, 121
anchor force, 144
aspect ratio, 123, 135-138
design, 124
end post, 145, 151155

Index 321

moment capacity, 127, 129

other considerations, 155

shear resistance, 126, 130

stiffenad, 135, 145

stiffeners,
end beanng, 123, 133, 142, 15t
mtermediate, £23, 115, 139,

1438
load carrying, 123, 131, 140,
149

tenston field action, 143-§45

unstiffened, 124, 129

web panei, 123

welds, 127, 132, 134, 140, 142,
143, 154

Plate sizes
plates, 122
wide flats, 122
Portal fame, 226

adequacy factor, 232, 236

apex connection, 263, 264

bracing systems, 265, 273

coitapse mechanism, 230,
233241

colums base, 275

column design, 243

computer analysis, 237

design of frame, 229, 240

eaves connechion, 256-263

end piate design, 256-259

foundation block, 277
load cases, 277

gable connections, 172

gable framing, 266-273

gable posts, 276-273

haunch tength, 234, 24)

lateral restramts, 255

loading, 21, 229

member buckling, 243254, 272

member sizes, 232, 240

overall stability, 273-279

pinned bases, 229, 275

plastic moment distribution, 234,
237, 238, 241

prelimsnary member size, 230

puriin and side mils, 228

rafter desipn, 231, 240

reversed wind condition, 235

shear stiffening, 260

Pressure coefficients, 22, 168170
Profiled sheeting, 105, 283
Purlin, 42, 43, 66
design, 43, 176-173, 228
effectsyve lengshs, 43
mulii-span, 49
tahle, 172

Rafter bracing, 201, 265

Reduced design strength, 182, 215

Resistance, 9

Restraints, 38, 61, 82, 116, 182, I91,
205, 243-245, 250, 254

Rotation capacity, 230

Sag rods, 43, 173
Semi-compact section, 31, 186
Serviceability limt state, 6
Shape factar, 237
Shear
capacty, 30, 33, 37, 44, 48, 57, 61,
106, 126, 261
conneclors, 105, 167, 188
resistance, 130, 136-]138, 146-148
stiffemng, 161
Sheetsing/side rails, 42
spacing, 17, 228, 246
tahle, 172
Single-siorey structure
see lattsce girder
sge portai frame
Sleader section, 31, 181
Stenderness, 82, 181-184
correciion factor, 29
equvislent factor, 30
mor axis, 29
truss memmbers, 67-69
Snap-through mstability, 242
Stairs, 284, 285
Steel grades, 18
Steel seetion properties, 4
Strength, 9
Strength reduenon factor, 182, 15
Stress, ©
Siress distribution factor, 247
rapid assessment of, 248, 317
Seructural iniegnity, 6
Sway sunbility, 113, 242

Tee-sectton design, 73, 181-183
Tension capacity, 69, 187, 189
Tenston flange restraint, 246
Toesional index, 29
Transpertation, 186, 224
Truss, £3, 66, 71, 114
analysis, 66, 72, 77, 117
chord, 77, 118
compression resistance, 69, 74
connections, 76, 75, 78
confinuous strut, 68
deflection, 76
dizgonal members, 78, 11§
discontiauous strul, 63
hipped, 65
lattice girder, 63, 76
mansard, 56
stendemess of member, 67
NS00 capacity, 69
vierendael, 66
Tubular members, 76, 166, 201203

Vertical bracng, 134, 198, 203, 273
Vibration, §

Web
bearing, 3§, 60, 62, 128
buckiing, 31, 39, 63, 128, 131,
£40, 149
Weid
capaciy, 32
group design, 207-210
sizes, 32
Wind
bracing, 113~113, 196-204, 2685,
274, 301
design case, 23, 167, P93-194, ¢
198-200, 235
drag foree, 170, 200, 273
force cocflicients, 169
girder, 115, 199, 205
pressuse coefficients, 16, 22, 168,
169
speed, 21, 168
suction, 43, 4a, 185
frame acnion, 226, 283, 303

Yicld moment, 234
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Formulae for Maximum Bending Moments and Shears in Gantry Girders

The formulae given assume the following conditions: -

L = Span of Gantry Girder (adjacent girders are of equal span and are asstitned to be simply
supported).

C = Centres of end carriage wheels (two wheels are assumed for each end carriage, and where
two cranes occur they are assumed fo be identical in all respects).

& = The minithum centres between adjacent wheels of two end carriages (only applicable when
two cranes are considered and when 6 < C ).

Mx = Maximum Bending Moment in the Gantry Girder, for the crane configuration shown.
Fv = Maximum Shear Force in the Gantry Girder, for the condition stated.

W = The loading from one wheel. (all wheels are assumed to have the same load).

Gantry Girder Formulae

Loading Configuration Maximum Moment Maximum She

C x=L/2 x=10

ﬁ__ Mx = W.L/M4 IfC <L then
A A
L 7 L

A . Fv=W/LQ.L - C)

IfC > L then
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Gantry
C > 0.5858.L Fv=W
C x=L/2-Cl4 x=0
%&_ Mx = 2.W.x*/L Fv=W/LQ2.L - C)
A A
x
P
|4 >
C < 0.5858.L
C G C x=L72-G/4 x=0
_.A —— _ _ — v_ Mx = 2.W.x%/L Fv =W/LQ2.L - G)
o—oo—0
F % A &
L L
G < 0.5858.L
C G C x=L/2+C/6 - G/6 x=0
- V_‘J‘
_ —] — V_ Mx = 3.W. x%/L - W.C | Fv=W/LG3.L -2.G
O d & J
X
L
L - >
C G C x=L72-G/4 x=C
— _ _ — A Mx = 4.W. x2/L - W.C | Fv=W/LA.L-4.C
O —d O O 2.G)
x
L

Notes

girder.

1. All possible crane configurations should be checked to determine the maximum force in the ga

|

MG Double © 1970 - 2
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