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Foreword

Measurable earthquakes occur very frequently in many parts of the world. For
example, Shepherd (1992) lists 7283 earthquakes recorded in the Caribbean Antilles
in the 22-year period 1964 to 1985, a rate of about 1 earthquake per day. Some were
due to movements of highly stressed rock at more than 100 km below the ground
surface (Shepherd and Aspinall, 1983). Similar high levels of activity are found in
all seismically active regions of the world.

As the earthquake vibrations travel from the source towards the ground surface,
the energy spreads out and also dissipates, so that energy density reduces with dis-
tance from source. For the majority of events, shaking has reduced to levels that
people cannot feel by the time it reaches the ground surface. For some events, suf-
ficient energy reaches the surface for people to feel minor effects. For a few, the
energy reaching the surface is sufficient to cause major damage.

Since earthquake shaking is transmitted through ground, and since ground also
supports buildings and other structures, the art and science of geotechnical engineer-
ing is an important part of earthquake engineering. A variety of concepts and tech-
niques are detailed by Kramer (1996), Day (2002), Chen and Scawthorne (2003),
and others. Some of the important geotechnical aspects are:

� The particle mechanical nature of soil (Mitchell and Soga, 2005; Lambe and
Whitman, 1979)

� Terzaghi’s Principle of Effective Stress (Terzaghi et al, 1996)
� Linear, isotropic elastic models (Davis and Selvadurai, 1996)
� The theory of soil plasticity (Drucker et al., 1957; Davis and Selvadurai, 2002;

Loret, 1990)
� The Mohr-Coulomb failure envelope (Lambe and Whitman, 1979; Das, 2004)
� The characterization of soil properties, and theories of compressibility, flow of

water through soils, fluidization, and consolidation of soils (Florin and Ivanov,
1961; Lambe and Whitman, 1979; Heidari and James, 1982; Wroth and Houlsby,
1985; Terzaghi et al, 1996; Das, 2004)

� Critical state soil mechanics, which seeks to incorporate soil elasticity, plasticity,
strength, density, and consolidation into a single unifying theoretical framework
(Schofield and Wroth, 1968; Atkinson and Bransby, 1978; Muir-Wood, 1992;
Schofield, 2005)

v
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� Advanced site investigation and laboratory testing techniques (Hunt, 2005; Head,
2006)

� Advanced methods for slope stability assessment (Abramson et al, 1996; Corn-
forth, 2005), and bearing capacity and lateral earth pressure (eg.Choudhary et al,
2004; Kumar and Ghosh, 2006)

� Liquefaction and the steady state concept (Castro, 1969; Seed and Idriss, 1971;
Poulos, 1981; Vaid and Chern, 1985; Seed, 1988; Ishihara, 1995; Jefferies and
Been, 2006)

� Shaking table and centrifuge model testing (Schofield, 1980; Arulanandan and
Scott, 1994; Taylor, 1994)

� The developing theories of unsaturated soil mechanics (Fredlund and Rahardjo,
1993)

� The use of advance constitutive models (Loret, 1990; Yamamuro and Kaliakin,
2005) with finite element methods (Zienkiewicz and Taylor, 1989, 1991; Britto
and Gunn, 1987; Finn, 1999; Potts, 2003)

� The global gathering, processing, and use of collective experience (Youd and
Idriss, 2001)

Based on these and other factors, advances in understanding have been incor-
porated in design codes including the Uniform Building Code (UBC, 1997), the
International Building Code (IBC, 2006), Eurocode 8 (2004), API RP2A (2005),
ISO 19901 (2004), and many others.

To support these developments, it can be highly desirable to document some
simplified models that are easier to understand, retain and explain the fundamental
physics involved, and provide ways of assessing the relevance, reliability, and ap-
plicability of more sophisticated approaches. It is also rather useful to be able to
identify the most significant publications in a technical literature that is now very
extensive indeed. The monograph presents some of the Author’s descriptions, case
histories, experiences and comments on a variety of simplified models for engineer-
ing design and analysis. This is valuable both for persons new to the subject who
will learn of the wide-ranging considerations involved, and to other experienced
practitioners who will be able to compare experiences with those shared here.

Senior Lecturer in Geotechnical Engineering, E.T.R. Dean
University of the West Indies



Preface

This monograph contains descriptions of numerous methods aimed at ease and
speed of use for major problems in geotechnical earthquake engineering. Comments
on assumptions, limitations, and factors affecting the results are given. Case studies
and examples are included to illustrate the accuracy and usefulness of simplified
methods. A list of references is provided for further considerations, if desired. Mi-
crosoft Excel workbooks referred to in Appendices and provided on an accompany-
ing CD are for the case studies and examples considered in the monograph. Some
of the reasons for using this monograph are mentioned below.

Many codes and standards contain recommendations on best practice but compli-
ance with them does not necessarily confer immunity from relevant statutory and le-
gal requirements (as stated in British Standards). Some seismic codes and standards
were revised after major events such as the 1995 Hyogo-ken Nambu and the 1994
Northridge earthquakes. Codes contain clauses without references to the original
sources for more detailed considerations when cases that require such consideration
appear in practice. Codes do not contain explanations of the statements expressed
in them. Codes are brief regarding ground properties and ground response. For
example, Eurocode 8 – Part 5 requires assessment of the effects of soil-structure
interaction in certain circumstances but does not specify the details of the analyses.
Therefore, the use of codes and standards alone may not be sufficient in engineering
practice.

In engineering practice, there is often rather little interaction between structural
and foundation disciplines. Structural engineers often consider ground in a sim-
plified way using equivalent springs. Geotechnical engineers consider often only
loading from structures on foundations. Dynamic soil-structure interaction is very
complex and analyzed mainly by specialist in geotechnical earthquake engineering.
This monograph should help geotechnical and structural engineers to communicate
effectively to better understand solutions of many problems in geotechnical earth-
quake engineering.

Specialists in non-linear dynamics analyses need to recognize that the motion
of a non-linear system can be chaotic and the outcomes can be unrepeatable and
unpredictable. Baker and Gollub (1992), for example, show that two conditions
are sufficient to give rise to the possibility of chaotic motion: the system has
at least three independent variables, and the variables are coupled by non-linear
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relations. Equivalent linear and simplified non-linear dynamic analysis described
in this monograph can be used to avoid possible chaotic outcomes of a complex
non-linear dynamic analysis. Ground motion caused by earthquakes is chaotic and
therefore greater accuracy of sophisticated methods loses its advantage. Expected
ground motion can be predicted only approximately, and simplified analyses are
faster and easier tools for parametric studies compared to sophisticated methods.

United Kingdom Milutin Srbulov
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T f transversal component of rock fall impact force
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TM return period of earthquakes exceeding magnitude M
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Tr earthquake recurrence period
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along Ls
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T�(�) transversal force at the top of the column due to the
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u horizontal displacement
U(z,r ) overall degree of consolidation (at depth z, radius r )
u1 one-way permanent horizontal component of displacements

on sloping ground
u2 two-way permanent displacements of level (horizontal)

ground
u f flow distance
u f (ω) surface amplitude of the free field ground motion
uo horizontal wall displacement
ut excess pore water pressure at time t
v vertical direction
V volume of moving mass along travel path
v1 lower soil wave propagation velocity
vh horizontal base velocity
vin incoming velocity of rock fall
vl velocity of propagation of the longitudinal waves
vm moving mass velocity
vo initial velocity
vout velocity of bounced rock fall
Vp velocity of a particle
vph peak horizontal ground surface velocity
Vr rate of tectonic plate subduction
vt velocity of propagation of the transversal waves
vtp ground velocity below the pile/wall tip at time t
vt−T s ground velocity below the pile/wall tip at time t − Ts

W weight
W1 weight of the fines model
WD dissipated energy by material (hysteretic ) damping
W f tectonic fault width
Ws strain energy
x shortest distance between the force N and point A in

Figure 5.5
y shortest distance (level arm) between the force N tanφ and

point A in Figure 5.5
ypile shortest distance between pile centroid and the neutral axis

of rotation
z depth
zm datum above moving mass at rest position
τa(,i) available soil shear strength (at joint i)
τe shear stress necessary to maintain limit equilibrium
B Constant of proportionality between γi( j),e and �i( j),e
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�s foundation settlement
�t time step
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�u increment of ground surface displacement in x direction
�v increment of ground surface displacement in y direction
�w increment of ground surface displacement in z direction
�x incremental horizontal distance along rock fall trajectory

just before the impact
�x horizontal length over which change of thickness of moving

mass has been achieved
�y incremental vertical distance along rock fall trajectory just

before the impact
�z change of thickness of moving mass
�ε incremental axial strain
�φ difference between angle of soil friction at zero effective

stress and basic angle of soil friction
�γ incremental shear strain
�σv additional vertical stress at a depth z>0 caused by point

load F at the ground surface
� sum of energy loss over a travel path of moving mass
�N axial component of the resultant of all forces acting on the

slip surface
�T shear component of the resultant of all forces acting on the

slip surface
α angle in Figure 5.4 and 5.11
α1(2) angle between normal to the interface and direction of

propagation of wave paths on two sides of an interface
α j angle of inclination of tangential displacement vector with
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αl local angle of inclination to the horizontal at the impact

place of rock fall
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the lower boundary of the liquefied zone in percent
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to available shear stress τa at a joint i (i.e. j)
δi( j),e shear displacement in direct shear apparatus corresponding

to mobilized shear stress τe at a joint i (i.e. j)
δp plastic deformation in direction perpendicular to the impact

surface
δr residual angle of soil friction
εi( j),a axial strain in triaxial apparatus corresponding to available

shear stress τa at a joint i (i.e. j)
εi( j),e axial strain in triaxial apparatus corresponding to mobilized

shear stress τe at a joint i (i.e. j)
φ friction angle in cyclic condition
φ′

( j) soil friction angle (at joint j) in drained condition
φ1 peak frictional angle in static condition
φb basic angle of soil fricition
φn phase angle espectively of the nth harmonic of the Fourier

series
γ shear strain
γ ′ submerged unit weight of non-liquefied soil
γhv shear strain in vertical plane
γi( j),a shear strain corresponding to available shear stress τa at a

joint i (i.e. j)
γi( j),e shear strain corresponding to mobilized shear stress τe at a

joint i (i.e. j)
γr referent shear strain
γs unit weight of soil particle
γsoil unit weight of soil
γw unit weight of water
η viscosity of soil
ηaw absolute viscosity of water
ηw angle of inclination to the horizontal of backfill behind a

retaining wall
κ, κ1 exponent to shear strain in the shear strength and shear

strain relationship
λ average rate of occurrence of the event with considered

earthquake magnitude
μ shear modulus of the Earth’s crust
ν Poisson’s ratio
o angle of inclination to the vertical of the back of a wall
θ rotation angle
θ1 an additional internal rotational degree of freedom
θb relative rotation of a beam end
θo angle of wall rotation
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v vertical effective stress (from overburden)
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τ shear stress
τb shear stress at the base and sides
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τp peak shear strength
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sections of the mass
ω(n) circular frequency (of nth harmonic of the Fourier series)
ωd circular frequency of an input motion
ωe fundamental circular frequency of undamped coupled linear
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ωg ground circular frequency
ωh circular frequency of horizontal motion
ωo circular frequency of the output motion
ωr natural frequency corresponding to the rotational motion of

a dynamic model
ωs natural circular frequency of pile(s)/wall in fixed base

condition
ξ damping ratio
ξe equivalent hysteretic damping ratio
ξg soil hysteretic damping ratio
ξh radiation damping ratio of a pile group in horizontal

direction
ξmin minimum damping ratio
ξr radiation damping ratio of a pile group in rotation
ξs structural hysteretic damping ratio

xxiv List of Symbols



Chapter 1
Well Known Simplified Models

1.1 Introduction

Simplified models have been used historically in geotechnical earthquake engineer-
ing, and in other branches of engineering, primarily due to lack of computers and
available data. Such models continue to be used for quick assessment when data,
time, and other resources are limited. As more sophisticated methods become avail-
able through the increase of computing power and software development, simplified
models will be used for rough checks on those models.

Wolf (1994) proposed that simplified models should satisfy several requirements.
They should offer conceptual clarity and physical insight. They should be simple in
physical description and in application, permitting an analysis with a hand calculator
or a spreadsheet in many cases. Yet they should have sufficient scope of applica-
tion (for different shapes, soil profiles, ground properties). They should also offer
acceptable accuracy, as demonstrated by comparing the results of the simplified
models with those of rigorous methods. They should be adequate to explain the
main physical phenomena involved, and have direct use in engineering practice for
everyday design. They need to be useable for checking the results of more sophis-
ticated analyses. Finally, there should be a potential generalization of the concept
with clear links to the rigorous methods.

The objective of this chapter is to introduce the reader to three well known sim-
plified models used in practice and in subsequent sections of this monograph.

1.2 Source Models of Energy Release by Tectonic Fault

1.2.1 A Simplified Point-Source Model

Earthquakes consist of ground waves radiating energy from a source. The amount of
energy transmitted to a location away from the source decreases with distance from
the source. This is because the wave front spreads so that the total energy along the
wave front equals the source energy less the energy lost in the ground as the waves

M. Srbulov, Geotechnical Earthquake Engineering,
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2 1 Well Known Simplified Models

pass. The lost energy heats the ground, though by very little. The heating is caused
by friction due to the relative motions of soil particles during wave propagation.

The energy transmitted to the ground surface is thus decreased the farther a loca-
tion is from the source. The energy can cause damage and destruction of structures,
lifelines and ground slopes. For this reason, it is necessary to estimate the amount
of energy that arrives at the ground surface.

An earthquake source is usually a tectonic fault, often associated with the sub-
duction zone of a tectonic plate. Other sources of ground shaking include volcanic
activity, ground failures (such as large landslides or cavity collapse), explosions
(from mining and military), and meteorite impact (e.g. Kramer, 1996). The rupture
of a tectonic fault starts at one location and propagates over the fault area in time.
Forecasting of dynamic fault rupture propagation is rather complex and therefore
simplified models are used. The simplest of these is the point source model. The
reasons why an earthquake source has been considered as a point, with its focus
or hypocentre at a depth and the epicentre at the Earth’s surface, are small fault
area (for earthquake magnitudes up to 5), great source to site distance and lack of
recording seismic stations historically.

Figure 1.1 depicts a point source model with its hypocentre and epicentre, three
wave fronts of spherical shapes in times and the source-to-site distance ds to the
hypocentre.

The usual method of calculating the location of an earthquake hypocentre is
based on the relative arrival times of the longitudinal and transversal seismic waves
at a set of at least three locations. Longitudinal seismic waves travel faster than
the transversal waves and therefore there will be a time lag �tw between their ar-
rivals. The time lag is estimated from the ground motion record. Let ds represent
the straight-line (slant) distance from the earthquake hypocenter and a recording
site on the Earth’s surface. If νt and νl denote the velocities of propagation of the
transversal and longitudinal waves respectively, then the transversal waves take a
time ds ν−1

t to arrive at the site, and the longitudinal waves take a time ds ν−1
l to

arrive. Hence by measuring the difference �tw between these arrival times, and
inverting the relationship, one arrives at:

Fig. 1.1 Point source model
with spheres of wave’s front
propagation from the
hypocentre in times t1–t3

ds– hypocentral distance

epicentre

hypocentre

Earthís surface

t1

t2 t3

epicentral distance

site
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ds = �tw
1/

vt
− 1/

vl

(1.1)

The distance ds can be estimated if the velocities are known and the interval �tw
can be measured. The equation is strictly correct for homogeneous ground, without
ground wave refraction at the boundaries of zones with different wave propagation
velocities. Earth’s interior is heterogeneous and therefore the equation is just a first
approximation in the calculation of the slant distance to an earthquake hypocentre.
This model does not account also for a number of other source and wave path effects
described in Section 3.3.1.

Anderson (1989) compiled available data and indicated that a typical range of
the longitudinal wave velocity is 6–7 km/s at depths greater than 1 km. The cor-
responding typical range of the transversal wave velocity is 3.5–4 km/s. The wave
propagation through Earth’s interior causes mainly elastic (small strain) deforma-
tions because material damping (energy transformed into heat by friction between
particles due to their motion during wave propagation) is small and amounts to less
than 1% of the energy transmitted by waves. Longitudinal and transversal wave
velocities are coupled by a factor called Poisson’s ratio. The ratio range for rock at
depths greater than 1 km is from 0.24 to 0.26.

A Microsoft Excel spreadsheet for calculating the location of the hypocentre
of an earthquake from the slant distances to three recording seismic stations on
rock is described in Appendix A.1. The same appendix contains also procedure for
calculation of distance between a site and earthquake epicentre when the locations of
the site and the epicentre are given as geographic latitude and longitude in degrees.

The point source model assumes that the wave front propagates from the source
as concentric spheres. In this case, the ground motion at a hypocentral distance ds

will be inversely proportional to the square root of the energy density, i.e.

√
Ed

Eo
∼
√

1

ekd ·ds · 4 · π · d2
s

(1.2)

where Eo is the total energy released at the earthquake source, Ed is the energy
density at a hypocentral distance ds, kd is an average material damping coefficient
(about 0.001–0.01), e.g. Ambraseys and Srbulov (1998). The term ekd , determined
by both experiments and theory, describes the effect of material damping (i.e. the
energy dissipation because of internal friction). The term 4 πd2

s (i.e. the surface of
a sphere with the radius ds) describes the effect of radiation damping on seismic
energy dissipation with distance ds to the source. Equation (1.2) is the basic ex-
pression used in the derivation of almost all attenuation relationships that assume a
point source model. It is strictly valid for distances from the source where the body
seismic waves dominate the ground motion at the surface. At distances greater than
a few tens of kilometers from the source (e.g. Kramer, 1996), where the surface
seismic waves (Rayleigh, Love) appear at the surface and predominate the ground
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motion, the radiation damping may be proportional to d−0.5
s , because the circumfer-

ence of the surface wave propagation front is πds .

1.2.2 An Alternative, Planar Source Model

Ambraseys and Srbulov (1998) showed that on average the planar model fits better
the recorded peak ground accelerations than the point source model. Their calcula-
tions assumed that a planar tectonic fault radiates the energy as a wave train uni-
formly in all directions in a medium with an average material damping coefficient
kd . However, their model requires knowledge of the fault plane size and location as
well as of the attitude and thickness of the non-seismogenic zone, information that
has to be assumed by the engineer a priori. For known faults (identified based on
the past strong motion records, micro seismic activity observations and geological
studies) the use of the planar source model is not much complicated than the use of
the point source model.

To model a planar fault, Srbulov (2004) used a four-Gauss-point integration
scheme. The locations of four integration points on a fault plane and distances to
the site are shown in Fig. 1.2.

For this model, Eq. (1.2) is replaced by:

√
Ed

Et
∼
√√√
√L f · W f ·

4∑

i=1

1

ekd ·di · 4 · π · d2
i

(1.3)

where Et = Eo(L f W f )−1 is the total energy released at the earthquake source
per unit area of the source, L f is tectonic fault length, W f is tectonic fault width.
This is again valid for distances up to source-to-site distances of a few tens of kilo-
meters, where the body seismic waves dominate the ground motion at the surface.
At greater distances, where the surface waves dominate the ground motion at the
surface, Equation (1.3) may be replaced by

Fig. 1.2 The locations of four
Gauss integration points on a
fault plane and slant distances
d1−4 to the site (Srbulov,
2004, by permission of
Patron Editore)

d1
Earth’s surface

tectonic fault

Wf

d2

d3

d4
0.5Wf 3

–0.5
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√
Ed

Et
∼

√√√
√L f · W f ·

4∑

i=1

1

ekd ·di · 2 · π · di
(1.4)

1.2.3 Case Study Comparisons of the Point and Planar
Source Models

Data for the case study comparisons are from Ambraseys et al. (2004). Basic data
are given in Table 1.1. Ambraseys et al. (2004) provide also the projections of
the causative faults on the Earth’s surface, the epicentral distances, the hypocen-
tral depths and the fault plane inclinations to the horizontal (trends) so that Equa-
tions (1.2) to (1.4) can be used.

For each earthquake listed in Table 1.1, horizontal ground accelerations were
measured at a number of different recording stations, at various distances from the
earthquake source. Ratios between the peak horizontal accelerations at two record-
ing stations can therefore be calculated. If the most remote recording station is used
as the reference, then the ratio for this station itself is one.

Ratios of peak horizontal accelerations for the three earthquakes listed in Table 1.1
are shown in Fig. 1.3. Filled circles and squares represent ratios based on source-
to-site distances reported by Ambraseys et al. (2004). Empty circles and squares in
Fig. 1.3 represent ratios calculated using Equations (1.2) to (1.4). Fault distance used
is the shortest distance from a recording station to the Earth’s surface projection of
a tectonic fault.

From Fig. 1.3 it follows that there is a good agreement between predicted peak
acceleration ratios based on the planar source model and the best fit of ratios (shown
by thick dashed line) calculated from recorded peak accelerations using the fault
distances as well as between predicted peak acceleration ratios based on the point
source model and the best fit of ratios (shown by thick dotted line) calculated from
recorded peak accelerations using the epicentral distances.

In Fig. 1.3, it is possible to notice a number of outliers, i.e. values that are signif-
icantly different from the best fit, at the site-to-source distances greater than about
20 km particularly when the epicentral distances are considered. This suggests that
the use of epicentral distances is not always appropriate when considering attenua-
tion of peak accelerations associated with radiation damping.

Table 1.1 Basic earthquake source data in the example

No Earthquake Date Time Magnitude
Mw

#
Causative
fault type∗

1 Tabas – Iran 16 September 1978 15:35:57 7.35 Oblique
2 Montenegro 15 April 1979 06:19:41 7.0 Thrust
3 Campano Lucano – Italy 23 November 1980 18:34:52 6.93 Normal

Notes: # Description of earthquake magnitudes is given in Section 3.2.1. ∗Description of tectonic
fault types is given in Section 3.3.1.
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Fig. 1.3 Peak acceleration ratios versus source to site distances in the example

1.3 Sliding Block Model of Co-Seismic Permanent
Slope Displacement

1.3.1 Newmark’s (1965) Sliding Block Model

It is not always economic to ensure that natural and even made slopes have factor of
safety against sliding greater than one during strong earthquakes. For this reason it
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is necessary to estimate permanent ground displacement of slopes caused by strong
earthquakes. If such displacements are deemed acceptable for safety and service-
ability reasons then the slope inclination might be considered acceptable. If not,
remediation measures may be needed such as the decrease of the slope inclination.

Slope displacements occur during and after strong earthquakes. Co-seismic dis-
placements are those that start immediately, during the earthquake, and are a direct
result of the dynamic ground shaking. Post-earthquake displacements occur after
the earthquake and result from other reasons such as decrease of soil shear strength
in cyclic condition, soil consolidation, or other causes.

Slope failures induced by earthquakes in cohesive soil occur frequently along
distinct slip surfaces. The existence of discontinuities within a slope can create a
non-linear, possibly chaotic, response, which is rather complex to analyze in routine
engineering practice. Therefore, simplified methods are employed. Newmark (1965)
used a rigid sliding block model for prediction of co-seismic permanent displace-
ment of slope parts subjected to base motion. His model assumes that permanent
displacement start when base acceleration exceeds the critical acceleration that can
be sustained by the slip surface. The permanent displacement continues until the
base acceleration decreases below the critical acceleration and the relative velocity
of the sliding block decreases to zero.

1.3.2 Comments on Newmarks’s (1965) Sliding Block Model

As noted by Newmark (1965), the sliding block model is based on a number of
simplifying assumptions. These include:

� Soil behaves as a rigid perfectly plastic material.
� Permanent displacement occurs along a single, well-defined slip surface.
� Soil does not change its shear strength as a result of shaking.

In practice, additional assumptions may be added such as:

� Permanent displacement occurs only in the down slope direction.
� Vertical accelerations may be ignored.

In any particular situation, the inclination of sliding block to the horizontal for
any shape of slip surface can be inferred from equilibrium of the forces acting on the
slip surface under consideration. The procedure is indicated in Fig. 1.4. The forces
acting on the parts of the slip surface in Fig. 1.4.a are sorted into the polygon of
forces with their resultants in Fig. 1.4b. The inclination of the resultant of transver-
sal forces to the horizontal equals to the inclination of the equivalent sliding block
shown in Fig. 1.4c.

Some computer programs for slope stability analysis contain procedure for de-
termination of the inclination of the sliding block. An example of the use of an
automatic procedure for determination of inclination of an equivalent sliding block
is given for the case study in Section 6.3.3.
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Fig. 1.4 (a) Forces acting on a slope part, (b) an equilibrium polygon of the forces, (c) the equiv-
alent sliding block of the slope (Srbulov, 2003b, by permission of Patron Editore)
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In Fig. 1.4, Ti and Ni are shear and axial force respectively acting at base i
of a wedge, W is the weight of soil slope above the slip surface, ch and cvm are the
horizontal and vertical coefficient respectively of the mass inertia induced by ground
motion, �T and �N are the shear and axial component of the resultant of all forces
acting on the slip surface. Eurocode 8–5 (2004) specifies that the coefficient ch in
pseudo-static analyses shall be taken as 0.5 of the ratio between design horizontal
ground acceleration and the gravitational acceleration and cvm as 0.33 to 0.5 of ch .

Newmark (1965) considered only a circular and a planar slip surface as examples.
It is arguable that the procedure is applicable not only to soils which have nearly the
same static and cyclic shear resistances, but also to soil which properties change in
cyclic condition, providing that the shear strength and excess pore pressure induced
by cyclic loading (Section 2.4) are used in the analysis. Newmark (1965) considered
both a square acceleration pulse and a suite of earthquake motions to develop simpli-
fied engineering design charts. Subsequently, other researches considered triangular,
sinusoidal and actual recorded acceleration pulses, soil shear strength variation, ver-
tical accelerations, and other variations. The results of some recent researches are
mentioned here.

Wartman et al. (2003) found that the rigid sliding block procedure was gener-
ally not on the safe side when the predominant frequency of the input motion is
somewhat less or about equal to the natural frequency of the sliding mass. Contrary,
the sliding block procedure is generally on the safe side when the predominant fre-
quency of the input motion exceeds the natural frequency of the mass.

Kramer and Lindwall (2004) compared the common practice of applying one di-
mensional input motion in the direction of block sliding with the application of two
and three dimensional input motions to sliding block model and found both small
and large effects of two and three dimensional input motions in comparison with
one dimensional input motion. The effect of slope orientation on Newmark sliding
block displacements was also investigated. Computed displacements were found to
be very sensitive to the assumed orientation of the input motion, particularly for
cases of high yield acceleration.

Wartman et al. (2005) performed shaking table tests on clayey slope models and
found that the results of the rigid sliding block analysis ranged from 27 to 225% of
maximum measured displacements, and averaged about 75% of measured displace-
ments for the test series. The Newmark type analyses were most appropriate for
model tests that experienced large deformations, where the sliding resistance was
controlled principally by post peak to residual strengths.

Bray and Travasarou (2007) utilized a nonlinear fully coupled stick-slip sliding
block model for estimating permanent displacements due to earthquake induced de-
viatoric deformations. Their model considers the system’s yield coefficient, its ini-
tial fundamental period and the ground motion’s spectral acceleration at a degraded
period. The use of the seismic displacement model is validated by reexamining 16
case histories of earth dam and solid waste landfill performances.

The number of comparative studies of actual permanent displacements and the
sliding block model results is limited. Further consideration and the results of rigid
sliding block method are given in Section 4.4.1.
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1.4 Single Degree of Freedom Oscillator for Vibration
of a Structure on Rigid Base

1.4.1 Description of the Model

Earthquake induced multi-directional ground shaking with different frequencies
causes a multitude of structural vibration modes. The most important structural vi-
bration is in the horizontal direction because structures are designed to carry vertical
loads primarily. A detailed dynamic analysis of each structure is not economical and
therefore simplified models of vibrations of structures are used in practice.

A single degree of freedom oscillator (SDOFO) on a rigid base is one of the
simplest ways of modeling the vibrations of a structure, Fig. 1.5.

Not all structures can be approximated by a SDOFO. Single-storey building
frame, bridge with hinged columns and multi-storey structure responding in rigid
base condition are typical examples of structures that can be represented as a
SDOFO. The main assumptions of this model are:

� The first and only possible vibration mode is the most significant.
� Soil-foundation interaction effect is not significant and is not considered.
� Horizontal and vertical ground motions caused by earthquakes are considered

separately.

The SDOFO model has been frequently considered for generation of response
spectra, since their introduction by Benioff (1934) and Biot (1941). The response
spectrum describes the maximum response of a SDOFO to a particular ground input
motion as a function of the fundamental frequency (or the fundamental period) and
damping of the SDOFO, Fig. 1.6. When the frequency/period of an SDOFO is close
to the frequency/period of the base motion, the SDOFO tends to go into resonance
with base motion, and exhibits larger accelerations (peaks in the spectral shape).

The SDOFO’s damping is usually considered in terms of a percentage of critical
damping. The critical damping is defined as the damping that just prevents oscilla-
tions of the SDOFO. If dampers in Fig. 1.5 are so strong to be able to resist inertial
forces acting on the SDOFO due to base motion then the SDOFO would be critically
damped and not oscillate.

Elastic damper

Viscous 
damper

SDOFO

SDOFO

Viscous 
damper

Elastic damper

Fig. 1.5 Single degree of freedom oscillator (SDOFO) models of a rigid (box like) and a flexible
(beam like) structure with elastic (spring/beam) and viscous (dash pot) dampers
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Fig. 1.6 Example of elastic acceleration response spectra of a SDOFO

Smoothed envelope of many response spectra are used in engineering codes for
routine design of structures.

From Fig. 1.6, it can be seen that, for the particular earthquake time history used
here, the peak response of a SDOFO occurs at the predominant period of the earth-
quake acceleration time history of 0.2 s and that structural damping has a significant
influence on the spectral accelerations. Therefore, selection of structural damping is
an important issue.

1.4.2 Comments on the Model

Only a lumped mass can oscillate in one mode only. However, Eurocode 8, Part 5
(2004) requires that the effects of dynamic soil-structure i.e. soil-foundation inter-
action shall be taken into account for structures where their displacements are sig-
nificant so that the axial forces within structural parts can cause significant bending
moments in these parts; structures with massive or deep-seated foundations, such
as bridge piers, offshore caissons and silos; slender tall structures, such as towers
and industrial chimneys; and structures supported on very soft soil, with average
transversal wave velocity less than 100 m/s to a depth of 30 m below the ground
surface.

Recent examination of different elastic SDOFOs for horizontal structural re-
sponse to combined horizontal and vertical ground motion caused by earthquakes
was done by Ambraseys and Douglas (2003). Their main findings are:

� Bending and hinging SDOFOs have three main types of behavior: normal, para-
metric resonance and instability.
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� The type of behavior that a system exhibits is controlled by the combination
of system parameters and the vertical input acceleration. As a consequence of
variation of input acceleration, a system can exhibit all three types of behaviors.

Further consideration of SDOFO is provided in Section 6.4.

1.5 Summary

Three simplified models, which are frequently used in practice, have been described
and commented on in this chapter.

� The point source model of tectonic energy radiation is applicable to earthquakes
of smaller size (with earthquake magnitude less than 5) and distant earthquakes
(with little differences among distances between a site and parts of a tectonic
fault). The model assumes homogeneous Earth’s crust and the spherical shapes
of the fronts of seismic wave’s propagation. It does not account for the effects of
tectonic fault type and direction of rupture propagation in near-fault zone.

� Newmark’s (1965) sliding block model of permanent displacements of ground
slopes is applicable to rigid ground with distinct slip surfaces. It can involve
consideration of soil shear strength dependence on rate and slip distance as well
as the vertical component of ground motion. The effect of vertical ground motion
needs to be considered for very steep slopes (cliffs) and reinforced retaining
walls.

� A single-degree-of-freedom oscillator (SDOFO) with a rigid base is frequently
used to generate acceleration response spectra defined in codes for design of
engineering structures. The model allows for a single vibration mode and that the
horizontal and vertical vibrations caused by ground motions are considered sep-
arately. It can include simplified consideration of soil-foundation interaction ef-
fects and soil properties dependence on deformation amount, i.e. soil non-linear
behavior.

These three simplified models also contain initial indications of necessary input
parameters for their use (soil properties, seismic excitation) as well as the effects
of ground motion (energy input, permanent displacements, accelerations) on natu-
ral soil (slopes) and engineering structures, which are considered in the following
chapters.



Chapter 2
Soil Properties

2.1 Introduction

Ground motion during earthquakes is influenced by and affects properties of ground.
The main materials involved in construction practice are manufactured concrete,
steel, plastic, timber, and natural rock and soil.

Manufactured materials are well controlled concerning their content and prop-
erties and they are frequently assumed to behave linearly and elastically under
non-extreme loading, i.e. the loading and deformations are linearly proportional and
deformations are fully recoverable on unloading, unless deliberately or incidentally
develop cracks and hinges under extreme loadings during earthquakes.

Rock has a substantial rigidity, which is comparable to manufactured materials,
but also planes of weakness (cracks/joints) caused by tectonic stresses, rock ex-
posure to atmosphere and weathering, heat from the sun or from the earth’s core,
freezing, tree roots expansion, and other factors. The strength on shearing of rock
mass under gravity and earthquake forces is often controlled by its joints, which
are frequently filled by soil and/or water near the rock surface. Hoek (1983), for
example, provides more details on the influence of joints on rock properties.

Soil is a mixture of solid grains, gasses and fluids (e.g. Bear, 1988). Soil
grains are derived from parent rock by physical (freeze/thaw/erosion) and chemi-
cal (mainly oxidation) weathering and grinding/shaping by transportation (by wind/
glaciers/surface streams/ocean currents and waves) and sedimentation (in lakes and
oceans). Gasses in soil arise either from soil contact with air or from underlying
decomposition of rock (e.g. radon in granite) or other chemical processes, which
create methane, hydro sulfides and other harmful gasses. Fluids in soil originate
mainly from surface water or deep reservoirs and other sources. Fluids can include
hydrocarbon and other contaminants from man-made or natural sources. Soil is fre-
quently considered as two-phase material (grains and fluid), or a one-phase material
if dry. In the case of rapid deformations, such as during fast earthquake motions,
the so-called undrained condition may apply when ground water cannot escape or
freely move within soil. In this case, some analyses can be carried out in terms
of total stresses, taking the soil to be a single-phase continuum. Soil creation pro-
cesses cause soil layering (heterogeneity) and anisotropy (different behaviors in the
horizontal and vertical direction). Besides inherent soil anisotropy by formation,

M. Srbulov, Geotechnical Earthquake Engineering,
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induced soil anisotropy is a result of different loading/unloading in the horizontal
and vertical direction (e.g. Tatsuoka et al., 1997; Hashiguchi, 2001).

Soil grains are a complex set of particles of different sizes, shapes and minerals.
Under load, the slip of particles causes a non-linear relationship between applied
load and resulting displacement i.e. between stresses and strains. Stresses and strains
within soil are frequently calculated as for continuous instead of discrete materials.
For continuum, stress is defined as the ratio between acting load and the area on
which it is applied; axial strain is the ratio between achieved displacement under
load and the length over which it has been achieved; shear strain is equivalent to a
change in previously right angle within a continuum. Under sufficient loads (which
may be small), soil exhibits irreversible (plastic) deformation due to a combination
of permanent slip of soil particles relative to one another, small amounts of crushing
of asperities at grain contacts, and sometimes fracture or shattering of some grains.
When such irreversible deformations are developed during strong earthquakes,
the number of cycles of earthquake shaking is an important factor affecting soil
behavior.

If drainage is allowed, a change of loads on soil tend to cause soil to contract
if loose or expands if dense. If the voids of a soil body are filled completely with
water, with no air present, and if drainage is prevented, the soil develops excess
pore water pressures when attempting to contract, or suction when attempting to
expand. Soil strength under shearing and stiffness under axial loads are dependent
on effective stress, which is the difference between the total applied stress induced
by external load (self-weight, applied weights, and dynamic inertial loads) and pore
water pressure in soil (consisting of equilibrium pressure plus excess pressure). A
decrease in soil effective stress due to excess pore water pressure increase causes
decrease of soil shear strength and stiffness, i.e. softening.

In fine grained soil, with particle diameters less than about 5 μm, chemically
bonded water of high density causes viscous, rate-dependent effects (e.g. Leroueil
and Marques, 1996). Earthquakes cause great loading rates and hence noticeable
viscous effects in fine grained soil.

A very comprehensive review of dynamic soil properties and dynamic soil testing
methods is given in Kramer (1996). An advantage of simplified analyses is that they
require simplified soil properties. The objective of this chapter is to describe the soil
properties, which will be referred to in following chapters.

2.2 Cyclic Shear Stiffness and Material Damping

Atkinson (2000) shows that soil is neither linear nor elastic, even at very small
strains. Moreover, a variety of authors have shown that, even if linearity and elastic-
ity are assumed, soil is not isotropic (e.g. Tatsuoka et al., 1997; Hashiguchi, 2001).
Nevertheless, isotropic, linear-elastic models are still used in practice.

Laboratory tests have shown that soil stiffness and soil damping (energy dissi-
pation) is influenced by cyclic strain amplitude, density and acting mean principal
effective stress of coarse grained soil, plasticity index and over consolidation ratio of
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Gmax.
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Shear stress

Shear strain
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Gtangent

Symmetric loading Asymmetric loading

Fig. 2.1 A hysteretic loop in one cycle of soil shearing

fine grained soil, and number of loading cycles (e.g. Seed and Idriss (1970), Hardin
and Drnevich (1972), Vucetic and Dobry (1991), Ishibashi (1992), etc.). A typical
relationship between applied shear stress and induced shear strain, within soil under
symmetric cyclic loading, exhibits a hysteretic loop as sketched in Fig. 2.1. The
same figure also contains a sketch for the case of a non-symmetrical cyclic loading.

A shear modulus G is a ratio between incremental shear stress and shear strain.
Several different measures of shear modulus are shown in Fig. 2.1. When the in-
crements are related to the origin (zero values) then so called secant modulus is
obtained. If the increments are related to the change in values from previous values
then the tangent modulus is obtained. Shear modulus dependence on shear strain
amplitude and other factors is determined by laboratory tests (e.g. ASTM D4015,
ASTM D3999) or from formulae given in Section 2.2.1.

With increases in shear stress and strain, slippage between grains causes a weak-
ening of the soil structure, and a decrease of its shear strength and stiffness. This
process results in rotation of hysteretic loop towards horizontal axis. The locus of
points corresponding to the tips of hysteretic loops of various cyclic strain ampli-
tudes is called a backbone (or skeleton) curve (e.g. Kramer, 1996). It should be noted
that the backbone curve shown in Fig. 2.1 is for one cycle of loading/unloading.
Backbone curve for greater number of cycles may change if soil strength and stiff-
ness change (decrease) with increase in number of cycles or with excess pore water
pressure increase. For elastic materials, the hysteretic loop and the backbone curve
are straight and coincidental lines.

At very small shear strains, less than about 10−6, hysteresis is virtually absent,
and the behavior of the soil is often approximated as linear-elastic. When the soil
indeed behaves as an isotropic linear elastic body, the shear modulus Gmax is related
to other quantities by:

Gmax . = ρ · v2
t (2.1)

where ρ is soil unit density (kg/m3) and vt is soil transversal wave velocity. The lat-
ter can be determined using field geophysical methods (e.g. ASTM D4428, ASTM
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D5777) or seismic cone (e.g. Lunne et al., 2001) to avoid possible problems caused
by sample disturbance, size and orientation effects and measurements of very small
strain in the laboratory. Disturbance of loose sample causes their artificial com-
paction and of dense samples their artificial loosening. Sample disturbance can be
minimized by using thin walled soil samplers, pushing instead of hammering of
soil samplers and by rapid freezing of soil before sampling. The later technique
is very expensive and not widely used in practice. Several researches (e.g. Hardin,
1978; Seed and Idriss, 1970) suggested formulae for calculation of Gmax based on
empirical correlations with other soil properties.

The width of the hysteretic loop is related to the area, which is a measure of
internal energy dissipation. The dissipation involves the transformation of energy or
work into heat, by particles friction due to their movements. A damping ratio ξ is
frequently used as a measure of the energy dissipation (e.g. Kramer, 1996).

ξ = WD

4 · π · Ws
= 1

2 · π
· Aloop

Gsec ant · γ 2
c

(2.2)

where WD is the dissipated energy, Ws is the maximum strain energy, i.e. the area
of the triangle in Fig. 2.1 bordered by Gsecant line, the vertical at γc and shear strain
axis; and Aloop is the area of the hysteretic loop. Soil parameters Gsecant and ξ are
often referred to as equivalent linear soil parameters. Soil damping is determined
by laboratory tests (e.g. ASTM D3999, D4015) or from formulae given in Sec-
tion 2.2.1.

2.2.1 Shear Stiffness and Damping Ratio Dependence
on Shear Strain

Several authors proposed different expression for shear modulus G and damping
ratio ξ , e.g. Vucetic and Dobry (1991), Ishibashi (1992). Recently, Zhang et al.
(2005) provided the following relationships for G = Gsecant and ξ based on a
modified hyperbolic model and a statistical analysis of existing resonant column
and torsional shear test results from 122 specimens.

G = Gmax⎡

⎣1 +
(

γ

γr

) /
α

⎤

⎦

γr = γr1 ·
(

σ′
m

Pa

)
/

k

σ′
m = σ′

v · 1 + 2 · K ′
o

3

ξ = 10.6 ·
(

G

Gmax

)2

− 31.6 · G

Gmax
+ 21.0 + ξmin

(2.3)
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Table 2.1 Recommended mean values of
/

α,
/

k, γr1, and ξmin at σ′
m = 100 kPa (Zhang et al., 2005,

with permission from ASCE)

Geologic age Parameter Plasticity index, PI (%)

0 15 30 50 100 150

Quaternary
/

α 0.83 0.87 0.90 0.94 1.04 1.15a

/

k 0.316 0.255 0.207 0.156 0.077 0.038a

γr1 (%) 0.075 0.092 0.108 0.13 0.186 0.241a

ξmin (%) 0.82 0.94 1.06 1.23 1.63 2.04a

Tertiary and older
/

α 1.03 1.04 1.05 1.07 1.11a –
/

k 0.316 0.268 0.227 0.182 0.105a –
γr1 (%) 0.031 0.037 0.43 0.051 0.072a –
ξmin (%) 0.82 0.94 1.06 1.23 1.63a –

Residual/saprolite soil
/

α 0.79 0.86 0.92 1.01a – –
/

k 0.42 0.212 0.107 0.043a – –
γr1 (%) 0.039 0.053 0.067 0.086a – –
ξmin (%) 0.82b 0.94b 1.06b 1.23b – –

aTentative value; extrapolated from the range of available test data
bTentative value; no small-strain torsional shear damping measurements available
– Little or no data available.

where Gmax is according to Equation (2.1), γr is referent shear strain (which depends
on γr1 and σ ′

m); γr1 depends on soil plasticity index PI and geologic age, and is given

in Table 2.1 by Zhang et al. (2005) together with other constants (
/

α,
/

k, ξmin); Pa is
atmospheric pressure, σ′

m is the mean effective confining stress, σ′
v is the vertical

effective stress, K ′
o is coefficient of soil lateral pressure (typically approximated as

1−sinφ′ following simplified expression by Jaky (1944), for normally consolidated
soils, where φ′ is soil friction angle. The coefficient K ′

o is the ratio between the
horizontal and vertical soil effective stresses under conditions of zero lateral strains.

Geological ages considered by Zhang et al. (2005) include the Quaternary (cov-
ering the last about two millions years), the Tertiary (from about two millions years
ago to 65 millions years ago) and older as well as residual/saprolite soils. It is
found that the Quaternary soil exhibits more linearity than soil of other two groups
(Tertiary and residual/saprolite).

Shapes of G/Gmax and damping ratio ξ versus logarithm of shear strain γ for
Quaternary formations and σ′

m = Pa are shown in Fig. 2.2, for example.
Lin et al. (2000) performed a test program with measurements of transversal

wave velocity by the down-hole method and large-scale dynamic triaxial tests and
resonant-column tests of gravely deposit from Taichung area of Taiwan. They found
that the shear modulus ratio G/Gmax of the gravely cobble deposits does not de-
crease below a value of about 0.5 for shear strain greater than 10−4, in contrast to
sandy soil. They suggested the following relationship for Gmax:

Gmax = 305 · exp(0.0025 · σ3) (2.4)
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Fig. 2.2 Typical G/Gmax and damping ratio ξ versus logarithm of shear strain γ for Quaternary soil

where σ′
3 is confining effective pressure in kPa and Gmax is in MPa. Other specific

soil such as highly organic peat may exhibit different shear modulus and damping
ratio relationships (e.g. Kramer, 2000).

Shear strain is frequently not known in advance and depends on the severity
of ground motion, which depends on soil shear modulus, which in turn depends
on shear strain, so that a recursive relationship arises. Averaged shear modulus
and damping ratios are given in Table 4.1 of Eurocode 8-5 depending on the ra-
tio between ground and the gravitational acceleration up to maximum of 0.3 g.
Srbulov (2003a) made proposals for the shear modulus and damping ratios for the
ground acceleration ratio (i.e. ground to gravitational acceleration ratio) of up to 0.5.
Table 2.2 contains a combination of the ratios from Eurocode 8-5 (2004) and
Srbulov (2003a),who used a SDOFO for back analyses of 66 case histories of
recorded peak horizontal ground accelerations at the ground surface and at depths.

Table 2.2 Average soil damping ratios and average shear modulus ratios ( + one standard devia-
tion) within 20 m depth, based on Table 4.1 in Eurocode 8-5 (2004) for ground acceleration ratio
up to 0.3 and from Srbulov (2003a) for ground acceleration ratio of 0.5

Ground acceleration ratio Damping ratio ξ G/Gmax

0.1 0.03 0.80 (±0.1)
0.2 0.06 0.50 (±0.2)
0.3 0.1 0.36 (±0.2)
0.5 0.125 0.20 (+0.15)

2.3 Static Shear Strengths of Soils

The shear strength of soil in static conditions depends on many factors, of which the
most important are density (or porosity) of coarse grained soil; degree of over con-
solidation, plasticity in drained condition and consistency in undrained condition of
fine grained soil. The critical states model provides a useful framework in which to
study the static strength of fine-grained soils (e.g. Schofield and Wroth, 1968). The
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steady-state approach (e.g. Castro, 1969; Poulos, 1981) provides a useful framework
for coarse-grained materials.

Soil shear strength can be determined by laboratory tests. The following formu-
lae have been proposed as first approximations in static conditions, when the soil
parameters are within the limits of the variables used in the formulae.

Bjerrum et al. (1961) proposed that the peak frictional angle in static condition
φ1 in degrees can be expressed as a function of initial sand porosity ns (for ns range
from 36% to 47.5%). According to their results:

φ1 = 12 +
√

272 −
[

27

11.5
· (ns − 36)

]2

(2.5)

Peck et al. (1974) proposed a correlation between angle φ1 and the standard pen-
etration resistance blow count N . For the range of N from 10 to 40, for medium
dense to dense sand, their results can be expressed as:

φ1 = 30 + 10

35
· (N − 10) (2.6)

Kulhawy and Mayne (1990) subsequently suggested to take into account the in-
fluence of effective overburden stress σ′

v on angle φ1 and proposed the following
relationship

φ1 ≈ arctan

⎛

⎜
⎝

N

12.2 + 20.3 · σ′
v

100

⎞

⎟
⎠

0.34

(2.7)

where the effective overburden stress σ′
v is in kPa, N is the blow count from the

standard penetration test in blows/foot.
Kenney (1959) plotted the values of sin φ1 versus plasticity index PI (%) for nor-

mally consolidated clay. The results showed some scatter. From that plot it follows
that for the average values:

φ1 = arcsin

[
0.6 − 0.25

90
· (P I − 10)

]
(2.8)

Skempton (1957) suggested a correlation between the undrained shear strength for
normally consolidated natural clay and the overburden pressure in one cycle as:

cu1

σ′
v

= 0.11 + 0.0037 · P I (2.9)

where cu1 is undrained cohesion in one cycle, σ′
v is effective overburden pressure,

PI is soil plasticity index in percents.
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Ladd and Foot (1974), among others, found that the undrained shear strength of
over consolidated clay in one cycle is approximately proportional to:

cu1

σ′
v

· OCR0.8 (2.10)

where the ratio cu1 σ′v−1 is given in Equation (2.9), OCR is soil over consolida-
tion ratio (between previous effective overburden pressure and existing overburden
pressure). Apparent OCR can be caused by soil cementation and desiccation.

2.4 Cyclic Shear Strengths of Soils

Soil shear strength in cyclic condition depends also on number of cycles, cyclic
stress or strain amplitude and for fine grained soil on frequency due to the rate
effect.

The cyclic strength should ideally be determined using bi-direction simple shear
tests (e.g. Ishihara and Nagase, 1985) because ground motion caused by earthquakes
is three dimensional instead of one-dimensional. For example, when one-directional
horizontal component of ground motion, which time history is shown in Fig. 2.9, is
combined with corresponding perpendicular one-directional horizontal component
of the ground motion, the resulting is bi-directional motion in the horizontal plane as
shown in Fig. 2.3. Multi-directional motion causes greater deformation and greater
loads on soil than one-dimensional motion.

Seed and Lee (1965) showed for medium dense sand, Lee and Focht (1976)
showed for clay and Boulanger and Idriss (2007) for silt and clay that the soil shear
strength in cyclic condition decreases to about a half of undrained cohesion/friction
angle for a static condition. Figure 2.4 indicates the upper and lower boundaries for
clay and the ratios for other soil types according to the reported results by various
authors.

Consistently with the critical and steady state approaches mentioned earlier,
loose saturated sandy soil can completely lose its shear strength in cyclic condition
and liquefy when dissipation of built up excess pore water pressure is prevented.
Dense sand and stiff clay tends to expand on shearing and build up a negative

Fig. 2.3 Ground acceleration
projection in horizontal plane
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Fig. 2.4 Soil shear strength decrease with number of cycles from test data

pore water pressure at the beginning of cycling with apparent increase of its shear
strength. Fine soil exhibits also rate of shear effect and an increase of soil shear
strength with relation to the strength in static condition.

Parathiras (1995), among others, tested London clay, with plasticity index PI =
49% and clay content of 60%, and Cowden till, with plasticity index PI = 21% and
clay content of 31%, in a ring shear apparatus. Parathiras (1995) reported an increase
of the residual friction angle of 6◦ at 50 kPa compressive stress and 3.5◦ at 400 kPa
compressive stress for both soil when the rate of displacement increased from 0.2
to 1.5 cm/s. The increase of the residual friction angle at 50 kPa stress was 48.4%
for London clay and 15.2% for Cowden till while at 400 kPa stress was 62.5% for
London clay and 10.5% for Cowden till.

Hungr and Morgenstern (1984) found slight rate of shear dependence of shear
strength of sand. However, loose to medium dense sand tends to develop positive
excess pore water pressure with an increase of number of cycles.

Srbulov (2005a) used a simple model described in Section 5.3 with data from
Moss (2003), for the cases when soil liquefaction did not occur, and from Olson
(2001), for the cases when soil liquefaction occurred, to back calculate the friction
angles of sandy soil in cyclic condition as shown in Fig. 2.5. One standard deviation
from the average value shown in Fig. 2.5 is 1.6◦, rc is the correlation coefficient
of the linear least square regression used. The value of (N1)60 is defined in equa-
tion (5.2).

Soil shear strength in cyclic condition can be written as (1 − ru)σ′ tan φ1, where
cyclic excess pore water pressure ratio ru = �u σ′−1, �u is cyclic excess pore water
pressure, σ′ is axial effective stress, φ1 according to Equation (2.6) is independent
of σ′. Increase in cyclic excess pore water pressure occurs on loading of loose soil
(which volume tends to decrease because of the existence of large amount of pores
not filled with grains) when drainage of excess pore water pressure is slow or pre-
vented in cyclic condition. As soil shear strength in cyclic condition is proportional
to σ′ tan φ then the increase in ru in cyclic condition is calculated from the following
formula.
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ru = 1 − tan φ

tan φ1
(2.11)

where φ is according to Fig. 2.5. The results are shown in Fig. 2.6.
For stress-controlled cyclic tests with uniform loading, Lee and Albaisa (1974)

and De Alba et al. (1975) found that the pore water pressure ratio ru is related to the
number of loading cycles Nc as:

ru = 1

2
+ 1

π
· arcsin

⎡

⎣2

(
Nc

NL

)1/ \
α

− 1

⎤

⎦ (2.12)

where ru is the ratio between excess pore water pressure and the effective confining

stress σ′
3, NL is the number of cycles required to produce ru = 1 and

\
α is a func-

tion of the soil properties and test conditions. The functional relationship given in
Equation (2.12) is shown in Fig. 2.7.
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2.5 The Equivalent Number of Cycles Concept

The duration of strong ground motion can have a strong influence on earthquake
damage, due partly to a degradation of stiffness and strength of some structures and
of some soil, and to a build-up of excess pore pressure in loose and saturated sandy
soil. There are different definitions of the duration of strong ground motion:

� Bolt (1969) proposed bracketed duration, which is defined as the time between
the first and last exceedance of threshold acceleration (usually 0.05 of the gravi-
tational acceleration).

� Trifunac and Brady’s (1975) definition of duration is based on the time interval
at which 5% and 95% of the total energy has been recorded.

Many other definitions of duration exist (e.g. Kramer, 1996; Hancock and Bommer,
2004). Bracketed duration is most easy to use because it is based directly on the
properties of acceleration records. Duration has also been expressed in terms of
equivalent cycles of ground motion.

Seed et al. (1975) developed the concept of an equivalent number of significant
stress cycles to represent an irregular time history of shear stresses (caused by the
horizontal ground accelerations) by a uniform series of harmonic stress cycles. The
equivalent number of uniform stress cycles Neqv was selected to cause pore pressure
build-up equivalent to that of an actual shear stress time history at harmonic stress
amplitude of 65% of the maximum actual shear stress (caused by the peak horizon-
tal ground acceleration). Seed et al. (1975) data can be approximated by a simple
formula.

Neqv = 0.0008 · ML
4.88 (2.13)

where ML is local earthquake magnitude, which is defined in Section 3.2.1.
Green and Terri (2005) examined the implications of using a high cycle fatigue

hypothesis to compute the number of equivalent cycles for evaluating liquefaction
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by Seed et al. (1975) based on Palmgren – Miner cumulative damage hypothesis
developed for metal fatigue evaluations in the elastic range of material behavior. The
results of a parametric study using a procedure that equates energy dissipated in soil
subjected to earthquake motions show that the number of equivalent cycles varies as
a function of earthquake magnitude, site-to-source distance and depth below ground
level.

Hancock and Bommer (2004) reviewed, classified and compared various defini-
tions of the effective number of cycle’s concept. They found that measurement and
hence predictions are particularly different for accelerograms with broad banded
frequency content, which contain a significant number of non-zero crossing peaks.
While the number of effective cycles depend on earthquake magnitude, its depen-
dence on fault distance is small, approximately one cycle in 30 km. Fault rupture
directivity effect (which is described in Section 3.3.1) has an important influence on
the number of cycles in near-field ground motions. Based on data by Hancock and
Bommer (2004), the number of effective acceleration cycles Ncycles can be expressed
as:

Ncycles = 3 + 7

4
· (MW − 4) ± (MW − 3), MW > 4 (2.14)

where MW is earthquake moment magnitude, which is described in Section 3.2.1.
Sarma and Srbulov (1998) obtained similar results to Hancock and Bommer (2004).
The number of equivalent cycles in Equation (2.13) represents the upper bound
values.

Final parameter of an equivalent harmonic motion is its period T . The predomi-
nant periods of actual ground acceleration, velocity and displacement are different,
as shown in the following example, but the periods of an equivalent harmonic mo-
tion are the same. For a simple harmonic motion of period T , the ratio between the
peak velocity and acceleration is T (2π )−1.

Displacement = Ag · sin

(
2π

T
· t

)

V eloci ty = Ag · 2 · π

T
· cos

(
2 · π

T
· t

)

Acceleration = −Ag · 4 · π2

T 2
· sin

(
2 · π

T
· t

)
(2.15)

where Ag is amplitude of ground displacement and t is time. Using Fourier series,
a periodic function such as time history of ground motion can be described as:

co +
∞∑

n=1

cn · sin(ωn + φn) (2.16)
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where cn and φn are the amplitude and phase angle respectively of the nth harmonic
of the Fourier series. The Fourier series provides a complete description of the
ground motion only for an infinite number of members of the series.

Seed and Idriss (1982) suggested representative average values of the peak ve-
locity to acceleration ratios for different site conditions less than 50 km from the
source. These ratios can be interpreted as the periods of equivalent harmonic waves
for the rock, stiff soil, and deep stiff soil site conditions of 0.35 s, 0.70 s and 0.87 s
respectively. However, ground motion exhibits a significant variation from the aver-
age values as shown in Fig. 2.8 from Srbulov (2004).

2.5.1 An Example of Equivalent Harmonic Time Histories

Figure 2.9 shows that the predominant periods from the elastic response spectra
of the ground acceleration is 0.2 s, of the ground velocity 4.8 s, and of the ground
displacement 5.5 s. Comparisons between the actual ground motion time histories
and the equivalent harmonic time histories are shown in Fig. 2.10 based on Neqv =
15 from Equation (2.13) for magnitude 7.5 and Teqv = 0.87 s from Seed and Idriss
(1982) for deep stiff soil. The period of an equivalent harmonic motion calculated
from the ratio between the actual peak velocity and acceleration is 0.60 s and from
the ratio between the actual peak displacement and velocity is 0.76 s.

A further estimate of the peak horizontal velocity to acceleration ratio of rock
and soft soil is shown in Fig. 3.6. Alternatively, the period Teqv of an equivalent
harmonic motion can be calculated from Equation (2.15)

4 · π2

Teqv
2

· Ag = 0.65 · Peak ground acceleration (2.17)
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damping in the example

where Ag is the amplitude of ground displacement. In this example, Teqv = 2.29 s.
From Fig. 2.10 it follows that the velocity and displacement amplitudes can not be
similar to the actual values simultaneously if a single harmonic motion is consid-
ered.

This analysis demonstrates that the choice of the equivalent period is dependent
on the problem at hand, i.e. if equivalent harmonic velocity or displacement is more
important.

2.6 Water Permeability and Volumetric Compressibility

Soil coefficient of water permeability, defined as the quantity of flow through unit
area of soil under a unit pressure gradient, and volumetric compressibility have a
major influence on dissipation and generation of excess pore water pressure during
earthquakes respectively.

Soil permeability of water depends on many factors of which soil grain sizes
(fine or coarse), soil porosity and degree of saturation are the most influential ones.
Fine grained soil, of low porosity and partially saturated has smaller permeability to
water than coarse, porous and fully saturated soil (e.g. Das, 1985).

Water permeability can be determined by field water pumping tests performed in
boreholes to avoid problems with samples disturbance, size and orientation. Field
permeability tests are standardized (e.g. ASTM 6391, BS 5930). Their primary ad-
vantages are that the soil is not disturbed, and that the field tests can also provide
information to validate inferences about soil layering. However, they have several
disadvantages. They generally measure horizontal permeability, which can be sev-
eral times larger than the vertical permeability values that may be directly relevant
to seismic post-seismic analysis. Also, they provide permeability at ambient confin-
ing stress and not increased stresses during strong ground motion (although water
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pumping from borehole causes a decrease of ground water level and an increase
of in-situ effective stress). Another difficulty in field testing is that a smear zone
formed along borehole wall may affect the test results unless wash boring or bore-
hole washing is performed. Additional problem could appear in layered fine and
coarse grained soil if fine grains suspended in water within a borehole move towards
more permeable coarser grained soil and form so called filter cake, which apparently
decreases permeability of coarser grained soil.

Volumetric compressibility of soil is traditionally determined using field tests in
coarse-grained soil and oedometer tests on small specimens of fine-grained soil.
However, it has been recognized that laboratory tests overestimate soil compress-
ibility at small strain with the exception in soft clay and loose sand (e.g. Jardine
et al., 1985; Burland 1989; Tatsuoka et al. 1997). Therefore, it is recommended to
determine soil volume compressibility based on back analyses of data obtained from
prototype structures, if possible. If this is not possible then triaxial tests with local
measurements of strain on soil specimens can improve assessment of soil volumetric
compressibility over a wide range of strain. Such tests are not standardized and are
performed by specialist soil testing laboratories (e.g. Jardine et al., 1985; Burland
1989; Tatsuoka et al. 1997).

2.7 Summary

Soil properties required for the simplified analyses include:

� Soil density or unit weight
� Shear stiffness and material damping (energy dissipation) of soil during cyclic

loading. These properties are influenced mainly by amplitude of shear strain,
effective confining pressure and plasticity index. Because of dependence of
soil stiffness and damping on strain amplitude and strain amplitude depen-
dence on soil stiffness and damping, simplified estimates of shear stiffness
and soil damping dependence on peak ground acceleration are provided in
Table 2.2.

� Shear strength of soil and excess pore water pressure generation in cyclic condi-
tion. These properties are mainly depended on soil type, number of cycles, cyclic
amplitude and soil density/stiffness. If the results of cyclic tests on soil samples
are not available then, as a first estimation, soil shear strength in cyclic condition
may be assumed to be equal to a half of soil shear strength in static condition.

� Soil water permeability and volumetric compressibility have a major influence
on dissipation and generation of excess pore water pressure respectively. These
soil properties can be determined using field tests and back analyses of case
histories.

� Equivalent harmonic cycles concept greatly simplifies analysis of complex
ground motion during earthquakes. The amplitude and frequency of an equiv-
alent harmonic ground motion can be related to the peak values of actual ground
acceleration, velocity and displacement.



Chapter 3
Seismic Excitation

3.1 Introduction

Ground motion caused by earthquakes is chaotic (e.g. Goltz, 1998), i.e. unpre-
dictable and unrepeatable. It is possible to estimate boundaries within which the
ground motion parameters are expected to occur. Analyses performed using so-
phisticated methods with various input parameters can be expensive and time con-
suming. Therefore, simplified methods can be more suitable for parametric studies.
A postulated greater accuracy of sophisticated methods is not an advantage if the
input parameters can be determined only approximately.

The objective of this chapter is to describe ground motion parameters used in
simplified analyses, to provide a basis for their selection or checking, and to discuss
some aspects of complexity and the risks involved.

3.2 Seismic Hazard

Seismic hazard is considered to be severity and repeatability of ground shaking at
a location causing inertial forces, ground deformation and failure, soil liquefaction,
Earth’s surface rupture and tsunami. While the inertial forces always occur, tsunamis
are relatively rare. This section looks at the most important factors affecting seismic
hazard at a location, which are:

� earthquake magnitude
� the source-to-site distance
� earthquake rate of occurrence (return period)
� duration of ground shaking (Section 2.5)

Other factors are mentioned in Section 3.3. Because of the complexity of the
problem, an integrated approach is preferable using all available data and compar-
isons between results of different procedures.

M. Srbulov, Geotechnical Earthquake Engineering,
C© Springer Science+Business Media B.V. 2008
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3.2.1 Types of Earthquake Magnitudes

Earthquake magnitude is a measure of tectonic energy released at the source. A part
of this energy radiated to Earth’s surface can cause serious damage/destruction of
structures depending on earthquake magnitude and, therefore, earthquake magni-
tude is the first parameter of strong ground motion to consider. Different earthquake
magnitudes are used. The most frequent are:

� Local magnitude ML is defined as the logarithm of the maximum trace amplitude
(in micrometers) recorded on a Wood-Anderson seismometer located 100 km
from the epicentre of the earthquake. This magnitude scale becomes insensitive
to the actual size of an earthquake for magnitudes of 6.8 or greater, and hence is
not useful for very strong earthquakes (Idriss, 1985).

� Body wave magnitude mb (Gutenberg, 1945) is based on the longitudinal wave
amplitude (in micrometers) and their period (usually about one second). This
magnitude scale becomes insensitive to the actual size of an earthquake for mag-
nitudes of 6.4 or greater, and hence is not useful for very strong earthquakes
(Idriss, 1985).

� Surface wave magnitude Ms (Gutenberg and Richter, 1936) is based on the am-
plitude of maximum ground displacement (in micrometers) caused by Rayleigh
(near surface) waves with a period of about 20 seconds and the epicentral dis-
tance of the seismometer measured in degrees. This magnitude scale becomes
insensitive to the actual size of an earthquake for magnitudes of 8.4 or greater,
and hence is not useful for very strong earthquakes (Idriss, 1985). Gutenberg
and Richter (1956) estimated the relationship between the total seismic energy
released during an earthquake and the magnitude Ms as:

log10 Eo = 4.8 + 1.5 · Ms (3.1)

where energy Eo is expressed in joules.
� Moment magnitude Mw (Hans and Kanamori, 1979) is based on the seismic

moment Mo (in Nm). This magnitude does not have an upper limit.

Mw = 2

3
· log10(Mo) − 6.1

Mo = L f · W f · S f · μ (3.2)

where L f and W f are the length and width of a fault area, S f is the average slip
on the fault during an earthquake in meters (which is typically about 5 × 10−5 L f

for intraplate earthquakes, Scholz et al., 1986), μ is shear modulus of the Earth’s
crust (which is usually taken as 3.3 × 1010 N/m2).

Present practice appears to be moving towards the use of moment magnitude in
preference to other magnitudes. Many earthquake magnitudes are defined using dif-
ferent magnitude scales and, therefore, a conversion between magnitudes is applied
(e.g. Idriss, 1985). The conversion relationships are usually specified when different
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magnitude scales are used. Ambraseys (1990) derived the following relationships
between various common earthquake magnitude scales:

0.77 · mb − 0.64 · ML = 073

0.86 · mb − 0.49 · Ms = 1.94

0.80 · ML − 0.60 · Ms = 1.04 (3.3)

Chen and Chen (1989) provided the following relationships between log10(Mo)
and Ms .

log10(Mo) = Ms + 12.2 f or Ms ≤ 6.4

log10(Mo) = 1.5 · Ms + 9.0 f or 6.4 < Ms ≤ 7.8

log10(Mo) = 3.0 · Ms − 2.7 f or 7.8 < Ms ≤ 8.5 (3.4)

When log10(Mo) is replaced from Equation (3.2) into Equation (3.4), it is possible
to obtain the correlation between Mw and Ms magnitudes.

3.2.2 Types of Source-to-Site Distances

Only a part of tectonic energy released at the source arrives at Earth’s surface de-
pending on the source-to-site distance. This distance is the second parameter of
ground motion to consider. Several definitions of the source to site distance exist,
the most frequently used being:

� Epicentral distance between the site and the Earth’s surface projection of the
hypocentre of an earthquake, shown in Fig. 1.1.

� Closest distance to the vertical projection of a fault plane on the Earth’s surface
(Joyner and Boore, 1981a,b).

� Closest distance to the fault rupture (Campbell, 1981) or the closest distance to
the “zone of seismogenic rupture” (Campbell, 1997).

Case study results, discussed in Chapter 1 and shown in Fig. 1.3, indicate that the
use of epicentral distance is not always appropriate as it may not indicate correctly
the source energy dissipation with radiation damping. Epicentral distance is used
mainly for earthquakes with their magnitude smaller than 5, for distant earthquakes,
and when other distances are not known.

3.2.3 Types of Earthquake Recurrence Rates

Frequency of earthquakes recurrence is important because frequent earthquakes are
likely to cause more cumulative damage than the same size rare earthquakes, which
usually occur within interiors of tectonic plates (i.e. within the continents). Different
earthquake rates of occurrence are proposed but most frequently referred are:
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� Poisson process in which earthquakes occurs randomly, with no regard to the
time, size or location of any preceding event. This model does not account for
time clustering of earthquakes and may be appropriate only for large areas con-
taining many tectonic faults. The probability of at least one exceedance of a
particular earthquake magnitude in a period of t years P[N > 1] is given by the
expression:

P[N ≥ 1] = 1 − e−λ·t (3.5)

where λ is the average rate of occurrence of the event with considered earthquake
magnitude. Cornell and Winterstein (1986) have shown that the Poisson model
should not be used when the seismic hazard is dominated by a single source for
which the return period is greater than the average return period and when the
source displays strong characteristic-time behavior.

� Time predictable, which specifies a distribution of the time to the next earthquake
that depends on the magnitude of the most recent earthquake (e.g. Scholz, 1990).

� Slip predictable, which considers the distribution of earthquake magnitude to
depend on the time since the most recent earthquake (e.g. Scholz, 1990).

Earthquake recurrence rate models are only approximate. For example, the Park-
field earthquakes in California along the San Andreas Fault were of about mag-
nitude Mw= 6.0 and happened in 1857, 1881, 1901, 1922, 1934, 1966 and 2004
(e.g. http://earthquake.usgs.gov/research/parkfield/index.php) with time intervals of
24, 20, 21, 12, 32 and 38 years. These earthquakes were neither time predictable
nor size variable depending on the time since the most recent earthquake. Different
earthquake recurrence rates, and the chaotic nature of earthquakes, are discussed by
Scholz (1990).

3.2.4 Representations of Seismic Hazard

Seismic hazard can be represented in different ways but most frequently in terms of
values or probability distributions of accelerations, velocities, or displacements of
either bedrock or the ground surface:

� The peak ground acceleration, ground acceleration time history or response
spectral acceleration are useful because the product of a mass and the acting
acceleration equals the magnitude of inertial force acting on the mass. How-
ever, peak acceleration occurs in high frequency pulses at infrequent intervals
during the time history of ground vibration, and thus contains only a small
fraction of the emitted seismic energy. For this reason peak acceleration is not
suitable as a single measure of ground motion representation (e.g. Sarma and
Srbulov, 1998).

� The peak ground velocity, ground velocity time history or response spectral ve-
locity are useful because the product of square of velocity and a half of mass
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equals the amount of kinetic energy of the mass. Ground motions of smaller am-
plitude but longer duration frequently results in larger ground velocity and more
severe destruction capability of ground shaking (e.g. Ambraseys and Srbulov,
1994).

� The peak ground displacement, ground displacement time history or response
spectral displacement of a structure are useful since damage of structures sub-
jected to earthquakes is certainly expressed in deformations (e.g. Bommer and
Elnashai, 1999).

Ground acceleration, velocity and displacement are related among them because
integration or differentiation in time of one of them produces another.

Time histories of ground motions are often used in practice for non-linear anal-
yses when damage caused by ground shaking can accumulate in time. Single peak
values are poor indicators of earthquake destructiveness, so time histories of ground
motion are usually considered for important, large, expensive and unusual structures
and ground conditions. Response spectral values are a compromise between the sin-
gular values and a complete ground motion definition in time. Some of the sources
of the peak values of ground motion, of the time histories and of the response spectra
are described in Section 3.2.5.

3.2.4.1 Comments on Attenuation Relationships

Peak ground motion for a given location is traditionally assessed based on empir-
ical attenuation relationships derived by least square regression from peak values
of ground motion recorded at nearby sites. Attenuation relationships are then used
to determine the consequential motions at the location of interest. The main cause
of attenuation is radiation damping i.e. spread of seismic waves as they propagate
through Earth’s interior. A secondary cause of ground attenuation is material damp-
ing i.e. transfer of wave energy into heat by ground particle friction caused by wave
movement. Equation (1.2) is used in the derivation of almost all attenuation rela-
tionships that assume a point source model.

The attenuation relationships define dependence of the peak or spectral ground
motion parameter on earthquake magnitude and the site-to-source distance. Recent
attenuation relationships may include also consideration of soil type at a site and
type of causative tectonic fault. Attenuation relationships usually provide not only
average peak or spectral values but also standard deviation from the average values
i.e. likely scatter of individual data, which can be quite considerable.

A large number of the attenuation relationships exists because they are derived
based on limited data bases and/or they consider only a limited number of factors
affecting ground motion. Douglas (2004, 2006), for example, provided a summary
of the relationships for peak ground acceleration and spectral ordinates. Examples
of some recent attenuation relationships are as follows.
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3.2.4.2 Examples of the Peak Horizontal Ground Acceleration
Attenuation Relationships

Ambraseys et al. (2005a) proposed the following relation between the peak hori-
zontal ground acceleration aph in m/s2, the earthquake moment magnitude Mw, and
the minimal distance d from the location of interest to the surface projection of a
fault (or epicentral distance where the location of the causative fault has not been
reported):

log10(ap,h) = 2.522 − 0.142 · Mw + (−3.184 + 0.314 · Mw) · log10

√
d2 + 7.62

+ 0.137 · SS + 0.05 · SA − 0.084 · FN + 0.062 · FT − 0.044 · FO

(3.6)

where SS=1 for soft soil sites (with the transversal wave velocity range between 180
and 360 m/s to a depth of 30 m) and 0 otherwise, SA=1 for stiff soil sites (with the
transversal wave velocity range between 360 and 750 m/s to a depth of 30 m) and
0 otherwise, FN =1 for normal and strike-slip faulting earthquakes and 0 otherwise,
FT =1 for reverse (thrust) faulting earthquakes and 0 otherwise, FO=1 for unspeci-
fied faulting earthquakes and 0 otherwise. Fault types are described in Section 3.2.1.

Ambraseys et al. (2005a) reported that the intra-earthquake (a single event) stan-
dard deviation for the above equation, indicating the statistical scatter, is 0.665–
0.065 Mw, and that the inter-earthquake (multiple events) standard deviation is
0.222–0.022Mw. Standard deviation is used as a measure of data spread from the
average value. For Gauss (normal) distribution of data samples, 84% of data are
contained within average plus one standard deviation range and 98% percent of data
are contained within average plus two standard deviation range. Based on Equation
(3.6), the average peak horizontal accelerations of rock and soft soil from unspeci-
fied faulting earthquakes are shown in Fig. 3.1.
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Fig. 3.1 The average peak horizontal accelerations of rock (continuous lines) and soft soil sites
(dashed lines) from unspecified faulting according to Equation (3.6)
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Fig. 3.2 The average peak horizontal accelerations of rock (continuous lines) and soft soil sites
(dashed lines) according to Equation (3.7)

For western North America, Boore et al. (1997) proposed Equation (3.7) for the
horizontal component with largest peak acceleration:

log10(
ap,h

g
) = − 0.038 + 0.216 · (Mw − 6) − 0.777 · log10

√
d2 + 5.482

+ 0.158 · Gb + 0.254 · Gc (3.7)

where Mw is moment magnitude, d is the minimal distance to the surface projection
of the fault or epicentral distance where the location of the causative fault has not
been reported, the standard deviation is 0.23, Gb= 1 for the average transversal wave
velocity range 360 < vt < 750 m/s to 30 m depth and 0 otherwise, Gc= 1 for the
average transversal wave velocity range 180 < vt < 360 m/s to 30 m depth and 0
otherwise. The average peak horizontal accelerations of rock and soft soil are shown
in Fig. 3.2.

Differences in the attenuation relationships described by Equations (3.6) and
(3.7) and shown in Figs. 3.1 and 3.2 are caused by different data sets used, par-
ticularly in the near field zone of a few kilometers from the source.

Empirical attenuation relationships have not been developed to predict the effect
of seismic wave bounce from the Moho surface (i.e. the Earth’s crust and man-
tle boundary). The effect tends to occur from larger magnitude earthquakes at the
site-to-source distance range from about 60 to 120 km and can produce motions
across all site conditions as high as one standard deviation above the average value
(Stewart et al., 2001).

3.2.4.3 An Example of the Peak Vertical Ground Acceleration Attenuation
Relationship

Ambraseys et al. (2005b) proposed the following relation between the peak vertical
ground acceleration apv in m/s2, the earthquake moment magnitude Mw, and the
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minimal distance d from the location of interest to the surface projection of the
fault (or epicentral distance where the location of the causative fault has not been
reported):

log10(ap,v) = 0.835 + 0.083 · Mw + (−2.489 + 0.206 · Mw) · log10

√
d2 + 5.62

+ 0.078 · SS + 0.046 · SA − 0.126 · FN + 0.005 · FT − 0.082 · FO

(3.8)

where SS=1 for soft soil sites (with the transversal wave velocity range between 180
and 360 m/s to a depth of 30 m) and 0 otherwise, SA=1 for stiff soil sites (with the
transversal wave velocity range between 360 and 750 m/s to a depth of 30 m) and
0 otherwise, FN =1 for normal and strike-slip faulting earthquakes and 0 otherwise,
FT =1 for reverse (thrust) faulting earthquakes and 0 otherwise, FO=1 for unspeci-
fied faulting earthquakes and 0 otherwise. Fault types are described in Section 3.3.1.

The intra-earthquake (a single event) standard deviation for the above equation
(i.e. the scatter of data at different locations from a single earthquake source) was
reported as 0.262. The inter-earthquake (multiple events) standard deviation (i.e.
the scatter of data from different earthquake sources) was 0.100. The average peak
vertical accelerations of rock and soft soil from unspecified faulting earthquakes are
shown in Fig. 3.3.

Different vertical and horizontal peak accelerations are caused by different lon-
gitudinal and transversal ground waves respectively.
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Fig. 3.3 The average peak vertical accelerations of rock (continuous lines) and soft soil sites
(dashed lines) from unspecified faulting

3.2.4.4 An Example of the Peak Vertical to Horizontal Ground Acceleration
Ratio Attenuation Relationship

Sometimes, only horizontal ground acceleration is specified and the vertical compo-
nent is taken as a part of the horizontal component. In this case, it is useful to know
the peak vertical to horizontal ground acceleration ratio. The ratio between the peak
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Fig. 3.4 The average peak vertical to horizontal acceleration ratio for rock (continuous lines) and
soft soil sites (dashed lines) from unspecified faulting

vertical and horizontal acceleration, from Equations (3.8) and (3.6), for rock and
soft soil from unspecified faulting earthquakes is shown in Fig. 3.4.

While the peak vertical acceleration is about 2/3 to 1/2 of the peak horizontal
acceleration in the far field from the source, as assumed previously in designs and
older seismic codes, it is evident from Fig. 3.4 that it can be the same or even slightly
greater than the horizontal peak acceleration in the near field from the source. For
example, Eurocode 8-1 (2004) recommends the ratio between vertical and horizon-
tal peak rock acceleration of 0.9 for surface wave magnitudes greater than 5.5 and
0.45 for the magnitudes smaller than 5.5.

3.2.4.5 An Example of the Peak Horizontal Ground Velocity
Attenuation Relationship

Akkar and Bommer (2007) proposed the following attenuation relationship between
the peak horizontal ground velocity vp,h in cm/s, the earthquake moment magnitude
MW , and the minimal distance d from the location of interest to the surface projec-
tion of the fault (or the epicentral distance where the location of the causative fault
has not been reported).

log10(vp,h) = −1.26 + 1.103 · Mw − 0.085 · M2
W + (−3.103 + 0.327 · Mw)·

log10

√
d2 + 5.52 + 0.226 · SS + 0.079 · SA − 0.083 · FN + 0.0116 · FR

(3.9)

where SS=1 for soft soil sites (with the transversal wave velocity range between
180 and 360 m/s to a depth of 30 m) and 0 otherwise, SA=1 for stiff soil sites
(with the transversal wave velocity range between 360 and 750 m/s to a depth of
30 m) and 0 otherwise, FN =1 for normal and strike-slip faulting earthquakes and 0
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Fig. 3.5 The average peak horizontal velocity of rock (continuous lines) and soft soil sites (dashed
lines) from unspecified faulting

otherwise, FR=1 for reverse (thrust) faulting earthquakes and 0 otherwise. Fault
types are described in Section 3.2.1.

The intra-earthquake (a single event) standard deviation for the above proposal
was reported as 0.88–0.102Mw. The inter-earthquake (multiple events) standard de-
viation was 0.344–0.04Mw. The average peak horizontal velocities of rock and soft
soil from unspecified faulting earthquakes are shown in Fig. 3.5.

3.2.4.6 An Example of the Peak Horizontal Ground Velocity to Acceleration
Ratio Attenuation Relationship

The use of this ratio for estimation of the period of equivalent harmonic ground
motion is described in Section 2.5. The ratio between the peak horizontal veloc-
ity and acceleration for rock and soft soil from unspecified faulting earthquakes is
calculated from Equations (3.9) and (3.6) and shown in Fig. 3.6.
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soft soil sites (dashed lines) from unspecified faulting
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3.2.4.7 An Example of the Peak Horizontal Ground Displacement Attenuation
Relationship

Bommer and Elnashai (1999) proposed the following attenuation relation between
peak horizontal ground displacement dp,h in cm, the surface wave magnitude Ms ,
and the minimal distance d to the surface projection of the fault (or epicentral dis-
tance where the location of the causative fault has not been reported):

log10(dp,h) = − 1.757 + 0.526 · Ms − 1.135 · log10

√
d2 + 3.52

+ 0.114 · SA + 0.217 · SS + 0.32 · P (3.10)

where, SS=1 for soft soil sites (with the transversal wave velocity range between
180 and 360 m/s to a depth of 30 m) and 0 otherwise, SA=1 for stiff soil sites (with
the transversal wave velocity range between 360 and 750 m/s to a depth of 30 m)
and 0 otherwise, P is a variable that takes a value of 0 for mean peak displacement
and 1 for 84-percentile values of exceedance of the mean peak displacement.

Based on the above equation, the average peak horizontal displacements for rock
and soft soil are shown in Fig. 3.7.
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Fig. 3.7 The average peak horizontal displacement of rock (continuous lines) and soft soil sites
(dashed lines) from unspecified faulting

3.2.5 Sources of Earthquake Data

Peak bedrock accelerations are defined in many local seismic codes and on maps.
Two examples of international maps are:

� Global seismic hazard map produced by the global seismic hazard assessment
program (GSHAP) as a part of UN International Decade of Natural Disaster
Reduction (1999) (http://www.seismo.ethz.ch/GSHAP/)

� European-Mediterranean seismic hazard map produced by European Seismolog-
ical Commission (2003) (http://wija.ija.csic.es/gt/earthquakes/)
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Strong ground motion time histories are selected from several available databases
using a number of earthquake and site parameters, such as earthquake magnitude,
site-to-source distance and ground type at the recording station. Examples of such
databases are:

� In the USA
The United States Geological Survey – USGS
(http://nsmp.wr.usgs.gov/nsmn eqdata.html for time histories of ground motion
and http://earthquake.usgs.gov/eqcenter/ for earthquake data)
The Pacific Earthquake Engineering Research Center – PEER
(http://peer.berkeley.edu/smcat/)
The National Geophysical Data Center – NGDC
(http://www.ngdc.noaa.gov/nndc/struts/form?t=101650&s=1&d=1)

� In Europe
European Earthquake Data Base (at http://www.isesd.cv.ic.ac.uk/)

� In Japan
Kyoshin Network K-NET (at http://www.k-net.bosai.go.jp/)

Time histories in these databases are corrected by the standard processing tech-
niques that remove low and high frequency noise from them. Raw records may
contain also non-standard errors and therefore uncorrected records should not be
used for the analyses. Non-standard errors are (e.g. Douglas, 2003):

� insufficient digitizer resolution
� transversal wave trigger
� insufficient sampling rate
� multiple baselines
� spikes
� multiple shocks
� early termination during coda
� clipping

Douglas (2003) considered the effects of late triggering of the instrument and also
strong-motion records from digital instruments with low analog/digital converter
resolution and concluded that good response spectral ordinates can be obtained from
such ‘poor-quality’ records within the period range of most engineering interest.

Response spectral values, described in Section 1.4, are usually obtained from
the existing engineering international and local seismic codes. Examples of such
codes are:

� Eurocode 8: Design of structures for earthquake resistance, Part 1: General rules,
seismic actions and rules for buildings (2004)

� Uniform Building Code, Volume 2: Structural Engineering Design provisions
(1997)

� International Building Code (2006)
� Building Center of Japan: The seismic code: guidelines for structural calculations
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A number of procedures exist for generating artificial ground motion time his-
tories in order to perform just one time history analyses (e.g. Stewart et al., 2001).
Many of such procedures are based on matching the response spectrum of an ar-
tificial motion with design response spectra from codes. Because response spectra
from codes are envelopes of many actual response spectra, there are dangers that
artificial ground motion time histories

� may look different from actual time histories,
� may have inappropriate velocity and/or displacement response spectra, even

while matching the acceleration response spectra
� may have an inappropriate energy content

It is normally possible to select about three actual ground motion time histories
so that the envelope of their response spectral accelerations matches rather closely
the target spectrum.

3.3 Factors Affecting Seismic Hazard

Selection of ground motion parameters (peak values, time histories or response
spectral) for the simplified analyses should be guided by knowledge and under-
standing of various factors affecting seismic hazard at a particular location. The
main factors described in this subsection are:

� source and wave path effects
� sediment basin edge and depth effects
� local soil layers effects
� topographic effects
� space and time clustering, and seismic gaps

Seismic hazard assessment at a particular location is normally done by a special-
ist in engineering seismology. Nevertheless, the user of the results of the assessment
should have a good understanding of the accuracy and reliability of data provided.
Assessment is not simple. Models that use ground motion data as their input param-
eters may be simplified but are not necessarily simple.

3.3.1 Earthquake Source and Wave Path Effects

Of different possible earthquake sources mentioned in Section 1.2, the subduction
zones (with ocean trenches) and transform boundaries between major tectonic plates
(Fig. 3.8) as well as intra-plate faults are the most frequent and strongest sources of
earthquakes. The sites near such earthquake sources are likely to experience in-
creased seismic hazard.
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Fig. 3.8 Cross section through a subduction zone (with ocean trench); transform boundary and a
tectonic plate (continent)

Fowler (1990), for example, refers to a number of subduction zones (i.e. ocean
trenches) and transform boundaries between tectonic plates, which locations are
shown in Fig. 3.9.

“One of the largest earthquakes ever was the Chile event of 22 May 1960 with moment
magnitude Mw of 9.5. Around 75% of the world’s seismic energy is released at the edge
of the Pacific, where the thinner Pacific plate is forced beneath thicker continental crust
along subduction zones. This 40,000 km band of seismicity stretches up the west coasts of
South and Central America and from the Northern USA to Alaska, the Aleutians, Japan,
China, the Philippines, Indonesia and Australasia. Around 15% of the total seismic energy
is released where the Eurasian and African plates are colliding, forming a band of seismicity
which stretches from Burma, westwards to the Himalayas to the Caucasus and the Mediter-
ranean”. (e.g. http://www.moorlandschool.co.uk/earth/images/Earthquakefaq.htm#FAQ03).

A complete classification of types of tectonic faults is given by Mandl (2000),
for example. The principal classifications depend on the direction of movements of
one mass relative to the other, as shown in Fig. 3.10:

� Normal faults occur when the movements along the fault surface is downward.
� Reverse faults occur when the movements along the fault surface is upward. A

particular type of a reverse fault is thrust fault, which occurs when the fault plane
has a mall inclination angle to the horizontal.

� Strike-slip faults occur when the movements along the fault surface is horizontal.
� Oblique faults occur when the movements along the fault surface is both hori-

zontal and up or downward.

Somerville et al. (1996), for example, reported that median ground motions from
reverse faults are greater than those from strike-slip. The effect of faulting type on
the peak ground acceleration and velocity is considered in Equations (3.6), (3.8) and
(3.9) for example.

The near-fault zone is usually assumed to be within a distance of about 20–60 km
from a ruptured fault because Earth body waves rather than near surface waves
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Fig. 3.9 Subduction zones (i.e. ocean trenches) and transform boundaries between tectonic plates
(based on Fowler, 1990)
Legend: 1. Peru-Chile trench along the west coast of South America, 2. Mexico trench along
the west coast of Central America, 3. Cascadian trench off the coast of Washington and British
Columbia, 4. Aleutian trench along Aleutian islands and across the north side of Pacific ocean,
5. Kuril trench along the east coast of Kuril island, 6. Japan trench along the east coast of Japan’s
islands, 7. Mariana’s trench along the east border of Philippine plate, 8. The trench along the west
border of Philippine plate, 9. Java trench along the west coast of Indonesia, 10. New Hebrides
trench, 11. Kermadec-Tonga trench north of New Zeeland, 12. Macquire ridge in New Zeeland,
13. The subduction zone of Indian sub-continent under Eurasia plate along Himalayas, 14. The
trench east of Caribbean islands, 15. East Mediterranean sea trench south of Italy, Greece and
Cyprus, 16. The trench in Persian/Arabian Gulf.

The transform boundaries between tectonic plates: 17. The San Andreas zone in California,
18. The Montague zone between North American and Caribbean plates, 19. The Alpine zone of
New Zeeland, 20. The Dead Sea zone, 21. The west Mediterranean zone along North Africa, 22.
The Afghanistan-Pakistan zone

dominate ground motion. Within this near-fault zone, ground motions can be sig-
nificantly influenced by:

� The rupture mechanism, i.e. fault type.
� The direction of rupture propagation relative to the site.
� Possible permanent ground displacement resulting from the fault slip.

Somerville et al. (1996) stated “The ground motions from the Northridge
earthquake and our simulations of these ground motions have a similar pattern of
departure from empirical attenuation relations for thrust earthquakes: the peak ac-
celerations are at about the 84th percentile level for distances within 20–30 km and
follow the median level for larger distances”. In other words, the peak accelerations
generated by thrust earthquakes can be equal to average plus one standard deviation
of the peak accelerations predicted by empirical attenuation relationships.

The last two factors result in effects termed as ‘rupture-directivity’ and ‘fling
step’ (e.g. Somerville et al., 1997):
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Fig. 3.10 Types of tectonic fault movements: (a) normal, (b) reverse, (c) strike-slip, (d) oblique

� ‘Rupture directivity’ occurs when fault rupture propagates towards a site and the
direction of slip on the fault is also toward the site. This seems to occur because
the velocity of fault rupture is close (about 80%) to the transversal wave velocity
propagation through the rock near the source. The large impulsive motions occur
only in the fault-normal direction and only away from the epicentre.

� ‘Fling step’, occurs over a discrete time interval of several seconds as the fault
slip is developed. Fling step displacements occur in the direction of fault slip,
and therefore are not strongly coupled with the dynamic displacements referred
to as the ‘rupture directivity’ pulse.

The available strong motion data that can be used to quantify these effects are
limited. The effects can be taken into account approximately by adding one or two
standard deviations to the average peak and response spectra values defined by at-
tenuation relationships.

In a simplified interpretation, the effects of rupture directivity and fling step
can be considered as the case of directed instead of dissipated seismic waves. An
analogy could be made between a laser and sunlight. Directed seismic waves have
minimal radiation damping because of their near parallel propagation as shown in
Fig. 3.11. For this situation to occur, a straight fault zone and homogenous rock
between the source and the site are necessary conditions.

In the far-field zone (a few tens of kilometers from the source, e.g. Kramer, 1996),
the ground motion is dominated by near-surface propagating Rayleigh and Love
waves instead of the body longitudinal and transversal waves, as mentioned also in
Section 1.2.

In far fault zones, near-shore structures could be affected by tsunami formed as a
result of the uplift of ocean floor by a reverse fault, which also uplifts a large volume
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of water above the sea level. The uplifted water tends to spread around because of a
spill-over effect and propagates over large distances by large period and low ampli-
tude waves until the waves reach near shore when their amplitude increases signifi-
cantly as the water depth decreases (e.g. http://en.wikipedia.org/wiki/Tsunami).

3.3.2 Sediment Basin Edge and Depth Effects

3.3.2.1 The Phenomena

Stewart et al. (2001), for example, reviewed available knowledge about the effects
of deep sediment-filled basins, with thickness ranging from a 100 m to over 10 km
(Fig. 3.12), on strong ground motion during earthquakes. Seismic waves that be-
come trapped in deep sedimentary basins can produce up to 50% greater amplitudes
at intermediate and low frequencies (<1 Hz) and their durations can be twice as
long as those recorded on comparable near surface soil outside basins. Also, basin
edges may focus energy (like a lens) in spatially restricted areas on the surface,
Stephenson et al. (2000), Davis et al. (2000). The conditions (basin curvature) for
such a focusing are quite specific and therefore should be rare.

Many structures are located in alluvial valleys and the structural damages were
concentrated near the basin edges. Significant differences between the peak horizon-
tal surface accelerations at the centre and near edges of the valleys were recorded

Fig. 3.12 Cross section through a sediment basin
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(e.g. King and Tucker, 1984). Back analyses assuming one-dimensional wave prop-
agation in the vertical direction indicated a good agreement between the computed
and recorded peak horizontal surface accelerations near the centers of valleys but
not near the edges (e.g. King and Tucker, 1984).

Curved basin edges impose a three-dimensional stress state in their vicinity. Two
and three-dimensional analyses of wave propagation are based on finite difference
and finite element methods. Using workstation computer, it is currently feasible to
compute 3D ground motions reliably up to frequencies of about 0.5–1 Hz in large
urban regions (Stewart et al., 2001). The peak acceleration may occur at higher
frequencies and therefore not be predicted by the model. Another factor affecting
the frequency resolution is that, in many areas, the seismic velocity model has lim-
ited spatial resolution, which places a limit on the frequencies that can be modeled
(Stewart et al., 2001).

3.3.2.2 A Simplified Approach to Basin Edge Effects

One way to address the issues of basin edge effects is to define and use modification
factors for one-dimensional analyses near basin edges. The factors would be used
in conjunction with one-dimensional analyses, to determine site specific seismic
hazards caused by local ground layers.

The equation of motion in the horizontal direction for a three-dimensional elastic
solid is developed in many textbooks (e.g. Kramer, 1996).

ρ
�2u

�t2
= �τhv

�v
+ �σh

�h
+ �τhn

�n
(3.11)

where ρ is unit soil mass density, u is horizontal displacement, t is time, τhv is shear
stress in the vertical plane within which horizontal displacement occurs, σh is axial
stress (positive when tensile) in direction of displacement u, τhn is shear stress in
the plane perpendicular to the plane within which horizontal displacement occurs,
v, h, n are the vertical, horizontal and normal direction respectively.

If one-dimensional wave propagation is considered instead of three-dimensional
propagation then the stress gradients �σh/�h and �τhn/�n are zero and only the
stress gradient �τhv/�v exists. Using zero stress gradients �σh/�h and �τhn/�n in
one-dimensional analysis causes inevitably under prediction of the horizontal accel-
eration �2u/�t2 near basin edges. An apparent increase in �τhv/�v is necessary in
one-dimensional analysis to compensate for the ignored stress gradients �σh/�h and
�τhn/�n near basin edges.

Equation (3.11) is valid for any stress-strain relationship but cannot be solved
directly because it mixes stresses with displacements (e.g. Kramer, 1996). In real
materials, part of the elastic energy of a traveling wave is always converted to heat.
Viscous damping is often used to represent this dissipation of elastic energy because
of its mathematical convenience. For the purposes of visco elastic wave propagation
analysis, soil is usually represented as Kelvin-Voigt model (e.g. Kramer, 1996). The
stress-strain relationship for a Kelvin-Voight soil in shear can be expressed as
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τhv = G · γhv + η · �γhv

�t
(3.12)

where G is shear modulus, shear strain γhv = �u/�v and η is the viscosity of soil
G = ξ (π f )−1, ξ is damping ratio, f is the frequency of shear stress reversal and t is
time. The equation for one-dimensional wave propagation becomes (e.g. Schnabel
et al., 1972)

ρ · �2u

�t2
= G · �2u

�v2
+ η · �3u

�v2�t
(3.13)

The analysis is usually performed in frequency domain because of its high speed
in comparison with time domain analysis. Ground motion is represented by a Fourier
series for a number of frequencies f . Soil viscosity η is related to the damping ratio
ξ (Equation 2.2) as η = G · ξ (π · f )−1. Because of the modulus and damping ratio
non-linear dependence on shear strain magnitude, an equivalent linear approach is
used in the computation in frequency domain (e.g. Schnabel et al., 1972).

An increase in �2u/�t2 in equivalent one-dimensional analyses is considered
by factoring actual transversal wave velocities of soil layers in one-dimensional
analyses.

3.3.2.3 Case Studies of Sediment Basins

The correction factors of transversal wave velocities are determined using computer
program SHAKE (Schnabel et al., 1972) and the available case histories given in
Table 3.1. Srbulov (2006a) used acceleration records, which basic data are given
in Table 3.2, for the calculation of the factors. An increase in transversal wave ve-
locities increases soil shear modulus G and consequently increases calculated peak
acceleration. Such approach also increases the fundamental frequency of vibration
and therefore affects the spectral accelerations.

The case studies of sediment basins, which data are summarized in Table 3.1, are
described below. They were investigated for the purpose of determining correction
coefficient of transversal wave velocity near basin edges for 1D SHAKE analyses.

1. Caracas Basin during the 1967 Caracas Earthquake. Papageorgiou and Kim
(1991) studied the anti-plane response of a 2D model of the basin in Caracas,
Venezuela with reference to the 29th July 1967 earthquake offshore Caracas. A
significant feature of the earthquake was the concentration of damage to multi-
storey buildings in the Palos Grandes suburb of East Caracas. Their 2D boundary
element model in frequency domain indicated the existence of a fairly uniform
peak surface acceleration from 0.15 to 0.21 g across the basin. The depth of sed-
iments under Palos Grandes district is about 280 m and the width at the surface
about 3 km. The distance between the district and the basin edge is about 1 km
so that the ratio between the length and the depth is about 3.6. The earthquake
moment magnitude was 6.6 and epicentral distance of 25 km. No strong motion
instrument was operational in the area at the time of the earthquake. There was
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Table 3.1 Data for sediment basins (Srbulov, 2006a, by permission of Patron Editore)

No Basin Reference Horizontal
distance to
the basin
edge (m)

Sediment
layers
depth
range (m)

Sediment
transversal
wave velocity
vt(m/s)

Sediment
unit density
ρ(g/cm3)

Peak
surface ac-
celeration
(m/s2)

1 Caracas during
the 1967
Caracas
earthquake

Papageorgiou
and Kim
(1991)

1000 0–20
20–280

310
950

1.7
1.8

1.5–2.1

2 Kirovakan
during the
1988
Armenia
earthquake

Bielak et al.
(1999)

412.5 0–10
10–20
20–50
50–165

200
280
490
710

1.78
1.80
1.90
2.00

1.5

3 The marina
during the
1989 Loma
Prieta
earthquake

Zhang and
Papageor-
giou
(1996)

400 0–13
13–45
45–63
63–72

190
225
265
335

1.80
1.83
1.88
1.88

1.6

4 Santa Clara
during the
1984 Morgan
Hill and
1989 Loma
Prieta
earthquake

Pei and Papa-
georgiou
(1996)

1785 0–200
200–321

300
700

2
2.2

1.6–2.1
(1984)

3.2–3.7
(1989)

5 Los Angeles
during the
1994
Northridge
earthquake

Graves et al.
(1998)

6200 0–380
380–1180
1180–1900

500–600
800–1200
1300–1600

1.7–1.75
1.85–2.0
2.05–2.2

3.7–8.7

6 Kobe during
the 1995
Hyogo-ken
Nambu
earthquake

Kawase
(1996)

317 0–41
41–177.5
177.5–382
382–983

450
550
650
1000

1.75
1.85
1.95
2.05

6.0–8.2

7 Dinar during
the 1995
Dinar
earthquake

Bakir et al.
(2002)

93.6 0–2
2–4
4–14
14–17
17–23.4

140
170
225
275
320

1.6
1.65
1.7
1.75

2.8–2.9

a seismoscope at the Cajigal Observatory, located on rock outcrop west of Palos
Grandes that was operational during the earthquake. Fielder (1968) estimated
that the peak acceleration at the rock site of the observatory was 0.16 g. A substi-
tute two-component acceleration record of rock motion at Bagnoli-Irpino station
is used as the input base motion for the calculation of the correction coefficient
of transversal wave velocity.

2. Kirovakan Basin during the 1988 Armenia Earthquake. Bielak et al. (1999)
considered the problem of soil amplification and structural damage due to
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local site condition in a small valley in Kirovakan, for which 1D wave prop-
agation analyses have failed to provide adequate answers for the large extent
and spatial distribution of damage during the 1988 Armenia (Spitak) earthquake.
Two-dimensional finite element analysis was performed using as input an in-
ferred rock accelerogram for a vertically incident SH-wave and linear elastic soil
properties with damping. Bielak et al. (1999) calculated that the peak ground
acceleration of about 0.55 g in the central part of the basin was about 50%
larger than for the 1D model and the 2D model exhibited an additional set
of resonant frequencies, which caused the ground amplification ratio to oscil-
late very rapidly both spatially and with frequency. The width of triangularly
shaped sedimentary basin considered is only about five times its depth. The
basin contains a thin layer of medium stiff clay on top of stiffer clay down
to about 165 m depth. The mid valley profile is analyzed so that the ratio be-
tween distance to the basin edge and the depth is about 2.5. Only one set of
good quality strong motion records was obtained in the town of Ghoukasian on
the 7th December 1988 Armenia (Spitak) earthquake, with magnitude Ms=6.8.
The station is located on top of an extended shallow deposit of alluvium and
lake-bed clay layers underlain by rock about 30 km northwest from the epicen-
tre. Yegian et al. (1994a) estimated that the peak horizontal ground accelera-
tion in Kirovakan during the 1988 Armenia (Spitak) earthquake did not exceed
0.15 g based on their observations of grave markers in cemeteries in the city
and shaking table tests on model blocks. A substitute two-component accel-
eration record of rock motion at Spitak-Karadzor station is used as the input
base motion for the calculation of the correction coefficient of transversal wave
velocity.

3. The Marina Basin during the 1989 Loma Prieta Earthquake. Zhang and
Papageorgiou (1996) used a 2D model of a SW-NE trending cross section of the
Marina Basin, San Francisco – California, to estimate the intensity of ground
motion experienced during the Loma Prieta earthquake on the 18th October
1989. The effect of soil nonlinear behavior during straining was simulated by
an iterative procedure called the “equivalent linear approach”, which is also
used by the computer program SHAKE (Schnabel et al., 1972). Zhang and
Papageorgiou’s (1996) results showed that the peak horizontal ground accelera-
tions and velocities may have reached values as high as 0.23 g and 34 cm/s re-
spectively. The peak ground horizontal acceleration of 156 cm/s2 was recorded at
Treasure Island, overlaying ‘bay mud’, some 6 km east from Marina District. The
sediments at the bottom consist of stiff Pleistocene bay clay which is overlain by
a dense Pleistocene (silty to clayey) sand layer, soft to medium stiff (normally
consolidated) bay sediments, loose to dense Holocene beach and dune sand,
and artificial fill. The ground properties at Point 11, in the paper by Zhang and
Papageorgiou (1996) are used in the analysis. The distance to the basin edge from
the location of Point 11 is about 0.4 km and the maximum depth at the location
of Point 11 is about 72 m so that the distance to depth ratio is about 5.5. There
existed no ground motion recording instruments in the Marina District at the
time of the Loma Prieta earthquake. Two-component acceleration record of rock
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motion obtained at nearby Pacific Height station is used for the input base motion
for the calculation of the correction coefficient of transversal wave velocity. The
same records were used by Zhang and Papageorgiou (1996).

4. Santa Clara Basin during the 1984 Morgan Hill and 1989 Loma Prieta
Earthquake. Pei and Papageorgiou (1996) analyzed the motions recorded by
the Gilroy array of instruments on the surface across the Santa Clara Basin,
California, for evidence of valley induced surface waves. Their analysis of the
recorded motions of the 1989 Loma Prieta earthquake revealed existence of the
fundamental and first and second higher modes of Rayleigh waves, while the
recorded motions of the 1984 Morgan Hill earthquake showed an additional
fundamental Love mode. To reinforce their interpretation of the recorded mo-
tion, they used a 2D hybrid boundary – finite element method, which input
data are used in this paper for 1D analysis. The Gilroy array extends 10 km
from Franciscan rocks (the station 1) across Quaternary alluvium of the Santa
Clara basin to Crataceous rocks (the station 6) of the Great Valley sequence.
Seismic refraction studies of the Santa Clara basin indicated that the basin is
wedge shaped in cross section with the basement dipping about 10◦ (1 verti-
cal to 5.7 horizontal) beneath the Quaternary alluvium of the valley to a max-
imum depth of about 1 km. The Gilroy array stations G2, G3, G4 are located
at the distances of about 1785, 3570 and 5355 m from the station 1, accord-
ing the model by Pei and Papageorgiou (1996). Two-component acceleration
records of rock motions at the stations Gilroy 6 and 1 are used as the input
base motion for the calculation. The fault to station 2, 3, 4 distances during the
1984 Morgan Hill earthquake were 15.1, 14.6, 12.8 km respectively and during
the 1989 Loma Prieta earthquake 12.7, 14.4, 16.1 km respectively according to
PEER.

5. Los Angeles Basin during the 1994 Northridge Earthquake. Graves et al.
(1998) used 2D simulations by finite-difference technique to analyze the ground
motions induced by the 1994 Northridge earthquake in the Santa Monica area,
where numerous structures were heavily damaged or destroyed by the strong
ground shaking. Their simulation indicated that the edge structure of the shallow
basin (about 1 km deep) formed by the active strand of the Santa Monica fault
created a large amplification in motions immediately south of the fault scarp,
in very good agreement with main shock damage patterns, recorded ground mo-
tions, and locations of elevated site response. Graves et al. (1998) considered that
this large amplification resulted from constructive interference of direct waves
with the basin-edge generated surface waves. They found that focusing effects
created by the deeper basin structure (3–4 km deep) cannot explain the large
motions observed immediately south of the fault scarp. The greatest peak ground
horizontal acceleration of 0.87 g was recorded at SMCH station in tangential di-
rection with respect to the epicentre at 22.6 km distance from the station. SMCH
station is located at a distance of about 6200 m from the basin edge. The ratio
between the station horizontal distance to the basin edge and the depth of basin
at the location of the station is about 3.3. Two-component acceleration record of
rock motion obtained on rock at Mt Wilson – CIT Seismological station during
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the 1994 Northridge earthquake (PEER) is used for the input base motion for the
calculation of the correction coefficient of transversal wave velocity.

6. Kobe Basin during the 1995 Hyogoken-Nanbu Earthquake. Kawase (1996)
used 2D finite element model to analyze the basin edge effect on observed
so-called “damage belt” oriented WSW-ENE across the city of Kobe during
the Hyogoken Nanbu earthquake on the 17th January 1995. The damage belt
is located from 500 to 1000 meters away from the Rokko geological faults.
Kawase (1996) concluded that the amplification of the ground motion 1 km away
from the basin edge was caused by the coincidental interference of the primary
S-waves with the basin-induced diffracted/surface waves, which were generated
at the basin edge and radiated horizontally into the basin. The nearby Suma
and Egeyama faults were modeled as vertical by Kawase (1996). The ground
and layer surfaces are gently sloping offshore and are considered horizontal
in this section. The ratio between JMA station horizontal distance to the edge
of the basin and the basin depth at the location of the station is about 0.32.
Kawase (1996) performed a deconvolution of the accelerogram recorded at the
JMA station to define equivalent outcrop bedrock motion and compared the
results with the record obtained at Kobe University station on granite rock.
He obtained different velocity waveforms but concluded that the amplitudes
and predominant frequencies of these two records are similar. The peak ve-
locity of the deconvoluted bedrock motion and at Kobe University station was
55 cm/s. The peak horizontal ground acceleration recorded at JMA station was
8.05 m/s2.

7. Dinar Basin during the 1995 Dinar earthquake. Bakir et al. (2002) analyzed
the strong ground motion in Dinar town, located near the edge of an alluvial basin
in Southeast Anatolia – Turkey, during the Dinar earthquake, with magnitude
ML=5.9, which occurred on the 1st October 1995. Inflicted structural damage
throughout the town was highly concentrated in a region up to 1 km wide located
on the alluvium and adjacent to the rock outcrop bounding the eastern side of
the town. Bakir et al. (2002) found that the 1D analysis by SHAKE considerably
under predicted the spectral response in the area of heavily damaged structures.
Differences between the spectral responses obtained from the 1D and 2D anal-
yses by QUAD4M decreased with increasing distance from the rock outcrop.
Dinar basin is about 4.8 km wide at the location of Dinar town. The slope of
the basin is about 1 vertical to 4 horizontal inclined to a depth of about 100 m
below the town, according to Bakir et al. (2002). The basin is filled with alluvial
sediments of sand, gravel, clay and silt. The epicentral distance of the earthquake
was 2–3 km north of Dinar city and the hypocentral depth at 24 km. Ground
motion induced by the earthquake was recorded at the meteorological station in
Dinar, which is located on the alluvium approximately 93 m away from the basin
edge. Recorded peak ground accelerations in horizontal directions were 0.275 g
N–S and 0.294 g E–W at 19.3 km distance from the epicentre. Two substitute
two-component acceleration records of rock motion obtained at Vrancioia and
Cascia station are used as the input base motion for the calculation of the correc-
tion coefficient of transversal wave velocity.
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3.3.2.4 Summary of the Case Studies

Basic data for the case histories analyzed by Srbulov (2006a) are given in Tables 3.1
and 3.2.

The variations of shear modulus and damping ratio with shear strain were not
known for any of the case histories, and they were assumed in the examples based on
data by Vucetic and Dobry (1991). Soil plasticity index of 30 was assumed because
the actual plasticity indices of sediments along depth were not known.

The least square regression between the best estimations of the modification
factors Fm of sediments transversal wave velocities and the ratios Rb between the
horizontal distances from the stations to the basin edges and the depth of sediments
at the locations of the stations, shown in Fig. 3.13, indicates a good correlation, with
the correlation coefficient of 0.93,

Fm = 17.45 · 10−0.0682·Rb
2+0.165·Rb (3.14)

For the ratios Rb greater than about 5.5, the effect of basin edge is minimal, i.e.
Fm ∼ 1.

Stewart et al. (2005) reviewed information on ground motion amplification as
a function of basin geometry. They recommend that the use of basin models is
generally worthwhile for periods of ground motion greater than 0.75 s. All basin
models involve adjusting the median of the log-normal distribution of spectral ac-
celeration. The models considered require identification of basin depth at the site as
well as identifying whether the seismic source location is coincident with the site
basin location or distinct from the site basin location. Stewart et al. (2005) indicated
that a number of studies found an average increase in ground motion amplification
with the increase in the basin depth, although there is a significant scatter from the
average values.
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3.3.3 Local Soil Layers Effect

A famous case of the local layers effect is the collapse and extensive damage to
buildings in the five to 20-story range in Mexico City from the 1985 Michoacan
earthquake with Ms = 8.1 at 350 km epicentral distance (e.g. Stone et al., 1987).
The recorded peak horizontal acceleration on bedrock was only 0.03–0.04 g and on
the surface of soft lake deposit 0.14 g. The site is underlain by about 40 m of soft
clay with an average transversal wave velocity of 75 m/s, i.e. with the fundamental
vibration period of 2 s. The elastic response spectral acceleration is more than 0.7 g
at the period of 2 s. This “double-resonance” condition (amplification of bedrock
motion by soil deposit and amplification of the soil motion by the structure) may
not be a unique and isolated case.

Comparisons of peak acceleration attenuation relationships for sites that are
underlain by different types of soil profiles show distinct trends in amplification
behavior of ground motion (e.g. Seed et al., 1976). Although attenuation data are
scattered, overall trends suggest that peak accelerations at the surfaces of soil de-
posits are greater than the peak accelerations of bedrock and soil at greater depths.
The increase in amplitudes as waves propagate into media of lower density ρ1 and
wave propagation velocity v1 (towards surface) can be explained by considering the
principle of conservation of energy and the energy-flux density per unit of time in
the direction of wave propagation (upwards).

1/
2 · v1 · ρ1 · A1

2 · ω2 = 1/
2 · v2 · ρ2 · A2

2 · ω2 from which

A1

A2
=
√

ρ2 · v2

ρ1 · v1
,

(3.15)

where ω is circular frequency, the product ρv is called soil impedance, (ρ2v2)
(ρ1v1)−1 is called the impedance contrast between two adjacent layers. At greater
ground accelerations and shear strain, increased material damping causes the energy
of propagating waves upwards to be partly transformed into heat. This energy loss
causes a decrease in the difference between the amplitude A1 at the surface and the
amplitude A2 at depth.

Based on data from Mexico City and San Francisco Bay area, and on additional
ground response analyses, Idriss (1990) related peak accelerations on soft soil sites
to those on rock sites. At low to moderate acceleration levels (less than about 0.4 g),
peak accelerations at soft soil sites are likely to be greater than on bedrock and
deep layers. In some cases, such as Mexico City in 1985 and the San Francisco Bay
area in 1989, relatively small rock accelerations may cause (up to about 8.5 times)
higher accelerations at the surface of soft soil deposits. The ranges of acceleration
ratios by Idriss (1990) from the 1985 Michoacan and the 1989 Loma Prieta earth-
quakes together with the 66 case histories compiled by Srbulov (2003a) are shown
in Fig. 3.14.

The simplest predictive model is based on a least square fit of the 66 recorded
data. Such an approach leads to the following predictive equation of the averaged
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Fig. 3.14 Ratios between the recorded horizontal peak accelerations at the surface and at depths
(soil or bedrock) versus the horizontal peak accelerations at depths

peak horizontal surface to depth acceleration ratio using an exponential function fit
with the correlation coefficient of 0.82.

apeak,surface

apeak,depth
= 2.26 exp−0.23· apeak,depth

g (3.16)

Sarma (1994) considered analytical solution to the seismic response of visco-
elastic soil layers and obtained a transfer function of the similar shape. He stated that
the transient part of the complete solution is missing in the SHAKE program. Free of
charge MS Excel spreadsheet EERA (http://gees.usc.edu/GEES/) is an implemen-
tation of the equivalent-linear concept of one-dimensional site response analysis to
earthquake shaking. It should be noted that the results of SHAKE and EERA can be
different. SHAKE is in more widespread use than EERA so far. Other commercial
software exists based on the same method.

A single degree of freedom oscillator (SDOFO) subjected to a harmonic load
can be used to explain the effect of near surface soil layers on the peak horizontal
acceleration of the base motion. The ratio between the peak output acceleration ao

and the corresponding peak input acceleration ai of a SDOFO is shown in Fig. 3.15.
The amplification factor for harmonic motion of a SDOFO (e.g. Clough and

Penzien, 1993) is:

ao

ai
=
√

1 + (2βtξ )2

(1 − βt
2)2 + (2βtξ )2

, (3.17)

where βt = ωdω
−1
o is the tuning ratio, ωd is the circular frequency of an input

motion, ωo is the circular frequency of the output motion, ξ is the damping ratio.
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When the peak acceleration of the input (base) motion increases, shear strain of
soil increases and the shear modulus i.e. transversal wave velocity decrease (e.g.
Section 2.2.1). With the decrease in transversal wave velocity, the fundamental pe-
riod of soil layers increases and the circular frequency of soil layers decrease. With
decrease in the circular frequency of soil layers (i.e. output motion), the tuning ratio
increases and the amplification factor decreases when the circular frequency of the
input motion (at depth) is greater than the circular frequency of the output motion
(at the surface) as in the case of soil layers over bedrock

Both the peak horizontal acceleration surface to depth ratio and its scatter de-
crease with the increase in the base acceleration can be explained using the model
of wave propagation through a single layer of soil with Kelvin-Voigt properties de-
scribed in Section 3.3.2. For a uniform isotropic soil layer overlying rigid bedrock
subjected to a harmonic horizontal motion, the amplification factor of the ampli-
tudes of at depth acceleration apeak,depth and at the surface apeak,sur f ace is (e.g.
Kramer, 1996);

apeak,surface

apeak,depth
= 1
√

cos2(ω · H/
vt

) + [ξ · (ω · H/
vt

)]2
, (3.18)

where ω is the circular frequency of ground shaking, H is the layer thickness, vt is
the transversal wave velocity and ξ is damping ratio. The base acceleration amplifi-
cation factor is shown in Fig. 3.16.

From Fig. 3.16 it follows that the amplification factor and its scatter are largest
at smaller frequencies of ground shaking and soil damping ratio but also that
they could reach large values even for significant damping ratio in linear elastic
soil. The scatter of the ratios in Fig. 3.14 can be explained by different vibra-
tion modes (frequencies) of ground shaking, in addition to the influence of other
factors.

Srbulov (2003a) used the formula for the frequency ωn and period Tn of the nm th
mode of free vibration of an infinite layer, with constant soil properties over an
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Fig. 3.16 Influence of frequency on amplification factor of damped linear elastic layer

interval of shear strain, to back analyze the ratio between peak surface and at depth
acceleration.

ωn = 2 · π · (2 · nm − 1)

4 · H
·
√

G

ρ

Tn = 2 · π

ωn
,

(3.19)

where H is soil layer thickness, G is shear modulus, ρ is unit soil density. The
results indicated that the peak acceleration occurred in the first vibration mode in
majority of the cases analyzed but that the peak ground acceleration could occur in
other vibration modes up to the 6th mode.

The local soil layer effect is not independent from other factors affecting seismic
hazard at a location because shear strain increases and shear stiffness decreases with
increasing ground accelerations, which in turn affects the ground accelerations.

3.3.4 Topographic Effect

Ridges, canyons and ground slopes tend to oscillate differently from horizontal
ground because their sides are not constrained by lateral earth pressures.
Topographic effects were observed at a number of ridges such as adjacent to Pa-
coima Dam in California during the 1971 San Fernando (ML = 6.4) earthquake
(e.g. Trifunac and Hudson, 1971), during five earthquakes in Matsuzaki in Japan
(Jibson, 1987), during earthquakes in Italy and Chile (Finn, 1991), a small hill
in Tarzana, California, during the 1994 Northridge earthquake (eg. Bouchon and
Barker, 1996), etc.

Analysis of topographic effect is a complex problem, which depends on the ge-
ometry of the terrain and on the types, frequencies, and angles of incidence of the
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incoming waves. Simplified analysis of topographic effects on slopes and ridges
could be performed as indicated in Section 4.3.

3.3.5 Space and Time Clustering (and Seismic Gaps)

Observations of space and time clustering of some earthquakes suggest that these
earthquakes are not random events but follow a pattern. Space and time clustering
on a smaller scale is connected with the sudden relief of tectonic stresses built up
in the Earth’s crust by tectonic fault rupture. A number of seismic gaps (i.e. parts of
tectonic faults which have not ruptured for some time) have been identified around
the world and large earthquakes have subsequently been observed on several of
them.

The 1989 Loma Prieta earthquake occurred on a segment of the San Andreas
Fault that had previously been identified as a seismic gap (e.g. Housner et al., 1990).

The global seismic hazard map (http://www.seismo.ethz.ch/GSHAP/) produced
in 1999 shows a number of zones, which are potential seismic gaps. An exam-
ple is the northern Pakistan-India border where the seismic hazard according to
the map is moderate to high corresponding to the peak ground acceleration of
about 1.6 to 2.4 m/s2 with 10% probability of exceedance in 50 years for 475
years return period. The 2005 Kashmir earthquake (Mw = 7.6) caused the peak
horizontal acceleration of about 7 m/s2 near its epicentre around Muzaffarabad
(e.g. Durrani et al., 2005). Therefore, seismic gaps could be locations of future
earthquakes.

The European-Mediterranean seismic hazard map (http://wija.ija.csic.es/gt/ earth-
quakes/) indicates a few potential seismic gaps.

Ambraseys and Jackson (2000) noticed that “Two regions of known late Qua-
ternary faulting but with virtually no known significant earthquakes in the last 500
years stand out: the north-western Sea of Marmara and the southern branch of the
North Anatolian Fault east of Bursa. Prior to 1500 the strike-slip fault system east
of Bursa is known to have been active, but this earlier period has revealed no sub-
stantial earthquakes from the north-western Sea of Marmara. The seismicity of the
last 500 years can account for most of the expected 22+3 mm per year right-lateral
slip in the Marmara region. Whether 500 years is long enough to obtain a reliable
seismic moment release rate is less clear.”

3.3.5.1 Case Study of the Seismicity at a Site in the Persian/Arabian Gulf

Earthquake data until the end of 1979 are obtained from Ambraseys and Melville
(1982), until June 1995 from Ambraseys et al. (2000) and the rest from USGS.
The epicenters of the earthquakes within the area of about 500 × 450 km2 are
shown in Fig. 3.17. There were only a few earthquakes south from the site in the
Persian/Arabian Gulf.
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Fig. 3.18 An example of the time clustering of earthquakes in the area shown in Fig. 3.17

An example of time clustering is shown in Fig. 3.18 for the earthquakes, which
epicenters are shown in Fig. 3.17. The clustering of the earthquakes with magni-
tude greater than 4, which could cause structural damage, occurred at irregular time
intervals.
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3.4 Short Term Seismic Hazard Assessment

The earthquake return period of 475 years, considered in seismic codes and for peak
rock accelerations shown on maps such as GSHAP, is only traditional. Recurrent
periods of earthquakes within the period of the instrumental data (and historic data
if they are not sparse) are considered in this monograph as short term. Instrumental
data are available for period of about a hundred years only. Historic data availabil-
ity varies between different regions. Ambraseys (2006a) showed that in most cases
large earthquakes are less frequent when they are estimated from long-term data sets
rather than from the instrumental period data sets making the notation of recurrence
time and of hazard assessment questionable.

Because instrumental and historic earthquake data are sparse (incomplete) or not
accurate, a seismic hazard assessment should also consider tectonic settings (geo-
logical features) and terrestrial or satellite observations of fault movements.

3.4.1 Historic and Instrumental Seismic Data Based

Prior to the development and deployment of modern seismic instruments, the sizes
of earthquakes are based on their intensities, which are subjective and qualitative
historic descriptions of the effects of earthquakes. Several scales of earthquake in-
tensity exist such as Rossi-Forel (RF) now replaced by modified Mercalli intensity
(MMI) scale, Medvedev-Spoonheuer-Karnik (MSK) scale and the Japanese Meteo-
rological Agency (JMA) scale. A comparison between different earthquake intensity
scales is provided by Richter (1958) and Murphy and O’Brien (1977). Several au-
thors provide correlations between earthquake intensity and magnitude scales but
the scatter in these relationships is usually very large because of unreliability of
intensity data.

Gutenberg and Richter (1944) gathered data for the earthquakes in southern
California over a period of many years and divided the number of exceedance of
each magnitude by the length of the time period to define a mean annual rate of
exceedance λ of an earthquake magnitude. The reciprocal value of the annual rate of
exceedance for a particular magnitude is commonly referred to as the return period
TM of earthquakes exceeding magnitude M .

For engineering purposes, the effects of very small earthquakes are of little inter-
est and it is common to disregard those that are not capable of causing significant
damage, with the magnitudes less than about 4 to 5 (e.g. Kramer, 1996). Standard
Guttenberg-Richter relationship predicts nonzero mean rates of exceedance for mag-
nitudes up to infinity, which is not supported by available data. For these reasons, the
bounded recurrence relationship is used (e.g. Kramer, 1996, who also listed other
recurrence models).

Deterministic seismic hazard analysis (DSHA) has been used extensively in the
past. Its goal is to determine worst-case ground motions. Reiter (1990) described
four-step process for DSHA consisting of:
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1. Identification and characterization of all earthquake sources capable of inducing
ground motion of engineering significance at the site under consideration.

2. Selection of a source-to-site distance parameter for each source zone.
3. Selection of the controlling earthquake, which can produce the strongest shaking

at the site.
4. Determination of the seismic hazard at the site in terms of peak values of ground

motion or response spectrum ordinates.

The analysis is over conservative when the return period of the earthquake con-
tributing to the worst-case ground motion is much longer than the useful life of a
structure so that the probability of the earthquake occurrence is rather small.

In the past few decades the use of probabilistic concepts has allowed uncertain-
ties in the size, location and rate of occurrence of earthquakes and in the variation
of ground motion characteristics with earthquake size and location to be explicitly
considered in the evaluation of seismic hazard. Probabilistic seismic hazard analysis
(PSHA) provides a framework in which these uncertainties can be identified, quan-
tified and combined in a rational manner to provide a more complete picture of the
seismic hazard (e.g. Kramer, 1996). Reiter (1990) described four-step process for
PSHA. Comments on these steps are as follow:

1. Identification and characterization of all earthquake sources capable of inducing
ground motion of engineering significance at the site under consideration. In
most cases, uniform probability distributions are used for each source zone under
assumption that earthquakes are equally likely to occur at any point within the
source zone. These distributions are then combined with the source geometry
to obtain the corresponding probability distributions of source-to-site distance.
Probability distributions of source-to-site distances are obtained assuming that
the distances are independent of the source recurrence probabilities although they
are related to them. For example, for only two point sources and two source-to-
site distances each distance has 50% probability of occurrence if independent
from the source recurrent period. If, for example, one source has a recurrence
rate of 10−2 per year and the other source 10−3 then the weighted probabil-
ities of source-to-site distances are 90.9% and 9.1% respectively, i.e. 10−2×
(10−2+10−3)−1×100 = 90.9% and 10−3× (10−2+10−3)−1×100 = 9.1%.

2. The seismicity of each seismic zone is characterized by the recurrence relation-
ship, which specifies the average rate at which an earthquake of some size will be
exceeded. Such relationship can be established for very large regions involving
many faults because each fault produces a rather limited range of less than +1
magnitude from the mean magnitude (e.g. Wells and Coppersmith, 1994). The
use of recurrence relationship derived for a zone to a fault is very conservative
and inappropriate. Also, considering zones instead of individual faults implies
that large earthquakes could occur anywhere within that zone, which is very
conservative.

3. Empirical attenuation relationships are selected for prediction of the effect of
earthquake sizes at different distances. Such empirical attenuation relationships
are defined for a fault with a single source-to-site distance and not for varying
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distances along very large seismic zones. Equation (1.3) is applicable to a fault
area.

4. The uncertainties in earthquake location, earthquake size, and ground motion pa-
rameter prediction are combined to obtain the probability that the ground motion
parameter will be exceeded during a particular time period. A Poisson process of
earthquake occurrence is assumed. Unless special measures are taken, this does
not account for the time clustering of the events.

A PHSA is intended for evaluation of the hazard from independent events. For
this reason dependent events, like foreshocks and aftershocks, are not considered
and their effects must be accounted for in separate analyses. Similarly, time clus-
tering of earthquake events is not considered by assuming Poisson’s distribution of
the events in time. When the most likely earthquake magnitude and the most likely
source-to-site distance need to be defined, a technique of deaggregation is applied
(e.g. McGuire, 1995; Kramer, 1996).

Instrumental and historic earthquake data (e.g. Ambraseys and Melville, 1982;
Ambraseys et al., 1994; Ambraseys and Adams, 2001) are not always available in
sufficient quantity and other data need to be used such as tectonic (e.g. Heaton
and Kanamori, 1984), paleoseismic (e.g. McCalpin, 1996), archaeological (e.g.
Ambraseys, 2005, 2006a; Galadini and Hinzen, 2006), observational (e.g. Jackson,
2001). Such considerations may not be conclusive and it is difficult to quantify their
degree of uncertainty.

The use of logic trees (e.g. Kramer, 1996) may provide a convenient framework
for an explicit treatment of model uncertainty. The assignment of weighted factors
in the logic trees is subjective.

3.4.1.1 An Example of the Application of Gutenberg and Richter Type
Relationship

The example of Gutenberg – Richter relationship is based on data by Ambraseys
and Sarma (1999) for the 1018 earthquakes from Iran (26◦ to 40◦ North and 44◦ to
64◦ East) with the range of surface wave magnitudes from 4.5 to 7.4 over the period
of 79 years (1900 to 1979). Figure 3.19 depicts a mean annual rate of exceedance
versus the surface wave magnitudes obtained from these data.

The curve shown in Fig. 3.19 uses the following bi-linear expression for mean
annual rate of exceedances depending on surface wave magnitudes:

log10(λ) = 4.7 − 0.8 · Ms 4.5 ≤ Ms ≤ 7.1

log10(λ) = 11.27 − 1.72 · Ms 7.1 ≤ Ms ≤ 7.4
(3.20)

3.4.2 Observational Method

Measuring of fault movement and inference of fault activity based on the results of
the measurements are gaining popularity. If it is assumed that all earthquake energy
is released within a magnitude range from 5.5 to 9 (i.e. contribution of smaller
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Fig. 3.19 A mean annual rate of exceedance of Iranian earthquakes in the period 1900 to 1979

magnitudes is ignored and magnitudes greater than 9 are very rare) and that the
average fault displacement is one-half of the maximum surface displacement then
the rate of fault movement can be related to earthquake magnitude and earthquake
recurrence period Tr as given by the following equations based on Slemmons (1982)
data.

Tr,lower bound = 10(−3.614+0.657·M) · 10

fault slip rate

Tr,upper bound = 10(−3.314+0.657·M) · 10

fault slip rate
,

(3.21)

where M is earthquake magnitude (in the range from 5.5 to 9), and fault slip rate
is in cm/year. The formulae are useful for fast moving faults. For a fault slip rate
of less than 0.001 cm/year and the precision of measurement of up to 0.1 cm, the
observation period should be in excess of 100 years.

It is difficult to infer stresses at fault surfaces because of great depths involved
and non-linear stress-strain relationships exhibited by rocks (e.g. Srbulov, 2006b).
Scholz (1968), for example, showed for marble that the relationship is highly non-
linear and is not affected further with increase of confining pressures beyond 300
MPa (∼11 km depth).

3.4.2.1 Radar and Satellite Techniques

The interferometric synthetic aperture radar (InSAR) technique is based on detect-
ing the shift in phase of reflected radiation waves from the Earth’s surface using the
satellites orbiting around the Earth (e.g. Jackson, 2001). It enables vertical shifts in
the landscape to be detected to accuracy of up to 0.1 mm. Processed satellite radar
data allow ground movements to be mapped to 1 mm/year over wide areas (e.g.
Ferretti et al., 2001). This technique is useful when a fault is not exposed at the
surface. When a fault trace is exposed at the surface, traditional survey methods can
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be used (such as leveling and electronic distance measurement) because only the
change in relative displacements between two locations across a fault needs to be
monitored.

An exponential increase of strain over time could indicate approach of a fault
rupture. Strain can be inferred from recorded incremental displacements obtained
by Global Positioning System (GPS) (e.g. Leick, 1995) or terrestrial surveying
methods.

The relationships between incremental axial �ε and shear �γ strains and com-
ponential incremental displacements �u, �v, �w in x, y, z directions at three ob-
servational points on the Earth’s surface can be expressed as (e.g. Timoshenko and
Goodier, 1951)
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The incremental displacements at a place with coordinates x, y, z can be ex-
pressed as linear functions of the coordinates if a constant strain field is assumed
(other functions are possible, e.g. Zienkiewicz and Morgan, 1983)
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The coefficients a1,2,3, b1,2,3, c1,2,3 are calculated from measured incremental
displacements �u1,2,3, �v1,2,3, �w1,2,3 at minimum three GPS survey locations with
the coordinates x1,2,3, y1,2,3, z1,2,3
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where the exponent −1 denotes matrix inversion. Similar procedure applies for four
or more GPS survey locations for which higher order interpolation functions are
used. From Equations (3.23) and (3.24), Equation (3.22) becomes
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The locations of the observation points could be chosen so that two of them are
on one side and parallel to a fault while the third one is across the fault and per-
pendicular to the direction of the first two observation points so that the calculated
displacements are obtained in the directions parallel and perpendicular to the fault.
For deep faults, which have not ruptured the Earth’s surface, it can be assumed
that the strains at depth are proportional to the strains at the surface although their
increments in regular interval of time are considered and not the absolute values.

Ambraseys (2006b) compared knowledge relating to historical earthquakes with
the und erstanding of present-day earthquake mechanisms and overall global
positioning system (GPS) slip rates in the eastern Mediterranean region and demon-
strated that the slip rates calculated from the historical data are in general compa-
rable to those calculated from GPS measurements and field observations, while the
size of historical earthquakes and their uncertainty can be quantified.

3.5 Long Term Seismic Hazard Assessment

Recurrent periods of earthquakes exceeding the period of instrumental data (and
historic data if they are not sparse) are considered as long term in this monograph.

3.5.1 Tectonic Data Based

Plate tectonics (which evolved from the theory of continental drift, Taylor, 1910;
Wegener, 1915) and elastic rebound theory (Reid, 1911) indicate that earthquakes
occur to relieve the energy that accumulates as the plates move relative to each other.

For major subduction zones, Ruff and Kanamori (1980) related maximum mag-
nitude to both the rate of convergence and the age of the subducted tectonic
plate as:

Mw = −0.0089 · Tp + 0.134 · Vr + 7.96, (3.26)

where Tp is the age in millions of years and Vr is the rate of tectonic plate subduction
in cm/year. Heaton and Kanamori (1984) used a number of actual earthquake mag-
nitudes to compare with the results from Equation (3.26). From this comparison, it is
possible to determine the ages and rate of convergence along some of the subduction
zones, Fig. 3.20.
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Fig. 3.20 Rate of convergence in cm/year and age (in bracket) in millions of years before present
of some of the subduction zones based on data by Heaton and Kanamori (1984)

Dependence of earthquake size on the causative fault area and the average slip
of fault enabled establishment of empirical correlations between the fault parame-
ters and earthquake magnitude. Wells and Coppersmith (1994) provided empirical
relationships between the moment magnitude Mw (ranged 6–7), the surface rup-
ture length Lr (km), the fault rupture area Afault (km2), and the maximum surface
displacement Ds (m) for different fault types. The ratio between fault area and its
length gives an indication of its depth below the thickness of non-seismogenic zone
(0–5 km).

Mw = 5.16 + 1.12 · log Lr,strike−sli p ± 0.28 · nd

Mw = 5.00 + 1.22 · log Lr,reverse ± 0.28 · nd

Mw = 4.86 + 1.32 · log Lr,normal ± 0.34 · nd

Mw = 5.08 + 1.16 · log Lr,all ± 0.28 · nd

Mw = 3.98 + 1.02 · log Astrike−sli p ± 0.23 · nd

Mw = 4.33 + 0.90 · log Areverse ± 0.25 · nd

Mw = 3.93 + 1.02 · log Anormal ± 0.25 · nd

Mw = 4.07 + 0.98 · log Aall ± 0.24 · nd

Mw = 6.81 + 0.78 · log Ds,strike−sli p ± 0.29 · nd

Mw = 6.52 + 0.44 · log Ds,reverse ± 0.52 · nd

Mw = 6.61 + 0.71 · log Ds,normal ± 0.34 · nd

Mw = 6.69 + 0.74 · log Ds,all ± 0.40 · nd

, (3.27)

where nd is the number of standard deviations according to Wells and Coppersmith
(1994). Field studies of fault rupture length and the maximum surface displacement
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are important for inference of the sizes of past earthquakes. A number of other
studies have been performed for different regions, e.g. for the Eastern Mediterranean
region by Ambraseys and Jackson (1998).

It should be remembered that Mohr-Coulomb circle of stresses indicate that the
shear surfaces and tectonic faults tend to appear in pairs inclined to each other at an
angle equal to the double friction angle φ of material, as shown in Fig. 3.21. Rock
friction angles are described by Hoek (1983), for example.

3.5.2 Paleoseismic Data Based

Geomorphic changes arise due to seismogenic fault rupture of the Earth’s surface,
or by warping or folding of surfaces because of fault movement. McCalpin (1996)
considers, for example, the amount of lateral offset of young stream channels, the
thickness of colluvial wedges in fault exposures and the amount of uplift of for-
mer shorelines as the primary paleoseismic evidence caused by a particular fault.
Geomorphic changes can also be caused by climate changes (glaciation for ex-
ample), weathering and erosion/deposition processes, volcanism, tsunamis, slope
failures etc.

The landforms are typically used to reconstruct paleoseismic offset histories:
fluvial terraces, stream channels and alluvial fans. Geomorphic studies commonly
yield the size of paleoearthquake and stratigraphic studies are most likely to yield
the timing of paleoearthquakes to a maximum about 50,000 years before present.
The uncertainty in measuring lateral displacement because of faulting has two
components, the first arising from the preservation of the landform and its cor-
relation across the fault (qualitative), the second from locating correlative points
on the landform and then projecting them to the fault trace (quantitative) (Weldon
et al., 1996).

The primary geomorphic indicator of paleoearthquakes on normal faults is a
fault scarp. Normal fault scarps, according to strict definition, vary from mountain
front thousands of meters high cut on bedrock, to decimeter scale scarplets that
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displace Quaternary alluvium and colluviums (Stewart and Hancock, 1990). Over-
laps, step-overs and gaps are common in normal fault surface ruptures. Studies of
large-scale range-front morphology are insufficiently precise to identify individual
paleoearthquakes, so they belong to neotectonics. Also, range-front morphology can
be controlled by factors other than uplift rate, such as climate, lithology and structure
(McCalpin, 1996).

The primary geomorphic indicators of paleoearthquakes on reverse (thrust) faults
are surface displacements around the faults (frequently bifurcated towards the sur-
face), growth of surface folds and changes in the elevation of the land surface. Con-
vergent tectonic plate margins are the largest and most widespread compressional
tectonic environments. Local compressional tectonic environments are found at re-
straining bends or stopovers along transform and strike-slip faults, along transper-
sive strike-slip faults, in fold and thrust belts in some backarc regions and some in
continental interiors. Paleoearthquake characteristics often become apparent only
after observations at many sites are integrated into a composite view of coseismic
deformation across a large region. Two types of secondary faults are associated with
thrust faults. The crest of active surface anticlines are commonly cut by normal
faults and grabens that trend along the fold crest parallel to the fold axis. Sudden
bending of thick-bedded sequences of sediments is often accompanied by slip along
bedding planes in the fold limbs. This slip generates slip faults that are rooted in the
axis of folds and extend through the fold limbs (e.g. Carver and McCalpin, 1996).

Strike-slip faults produce characteristic landforms including linear valleys, offset
of deflected streams, shutter ridges, sag ponds, pressure ridges, benches, scarps and
small horsts and grabens (Keller, 1986). In many cases the fault trace is composed
of a wide zone of alternating tension gashes (extensional) and moletracks (compres-
sional) that trend obliquely with respect to overall fault strike.

Sieh and Jahns (1984), for example, used the offset of 380 m and 475 m of
Wallace Creek, an ephemeral stream that flows southwest from the Temblor Range
and crosses the San Andreas Fault, to recognize the past offsets which happened
10000 years and 3700 years before present, while the current offset is 120 m. From
this they deduced a long-term slip rate for the fault of 32+3 mm/year. The site was
last ruptured in the earthquake of 1957, when the slip was 9.5 m. From the offset
of the gullies they were able to recognize four earlier earthquakes at the site with
similar slips, although they did not determine their dates. Although few other meth-
ods are as accurate as radiocarbon dating, the disturbing degree of inter laboratory
analytical variability is documented in some recent studies (e.g. McCalpin, 1996).
The offsets of the gullies may not only be caused by past earthquakes but also past
floods carrying large amounts of materials, which were deposited and formed natu-
ral barriers when the flow gradient decreased in the valley.

Matsuda et al. (1978), in another example, made a study of uplifted terraces in
Kanto district. It seems that more earthquakes occurred on this plate boundary than
are indicated by individual terraces. One possibility is that coseismic uplifts interfere
with eustatic rises and falls in sea level so that only a few of them get preserved.
Another possibility is that slip on imbricate strands accentuates just a few of the
terraces (Scholz, 1990).
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Secondary paleoseismic evidence, termed “forensic geotechnical earthquake en-
gineering evidence” by Srbulov (2007d), is caused by seismic wave effects away
from fault zone. It usually involves slope failures and sand liquefaction. Slope fail-
ures are dealt with in Chapter 4 and sand liquefaction in Chapter 5.

Earthquakes can trigger all sorts of slope failures, from disrupted slides and falls
to coherent slides and lateral spreads. Slope failures are identified by anomalous
topography, including arcuate or linear scarps, backward-rotated masses, benched
or hummocky topography, bulging toes, and pounded or deranged drainage. Abnor-
mal vegetation type or age also is common. Submarine failures can be identified
with the aid of marine remote-sensing techniques (e.g. Field et al., 1982). However,
slope failures can also be caused by other factors such as rainfall, erosion at the toe,
loading at the crest, weathering, tectonics, ground water level change and artesian
pressures.

Keefer (1984) studied the effects of 40 historical earthquakes on slope failures
and the results of his finding are shown in Table 3.3. He also provided the graphs
between an area affected by slope failures and the earthquake magnitude and the
maximum epicentral distances of different types of slope failures and earthquake
magnitudes. These graphs provide only limited values and their use will cause an
underestimate of earthquake magnitudes and an overestimate of the source to site
distances (e.g. Srbulov. 2007d).

Jibson (1996) reviews several methods for dating slope failures including histori-
cal, dendrochronology, radiocarbon, lichnometry, weathering rinds, pollen analysis,
and geomorphic analysis.

Earthquakes can cause liquefaction of granular soil, but other causes of liquefac-
tion exist too. Obermeier (1996) noted that, among other factors causing liquefaction
are rapid sedimentation and loading, artesian conditions, slumping, chemical weath-
ering and periglacial environment. He also describes the effect of soil liquefaction
observed when a low permeability layer exists over liquefied soil. If the ground
surface of the cap layer is slightly inclined then the top layer exhibits cracks, uneven

Table 3.3 Types, frequency and minimum triggering magnitudes of earthquakes to cause slope
failures

Type of slope failure Frequency of occurrence
during earthquakes

Minimum triggering
earthquake magnitude ML

rock falls, disrupted soil
slides, rock slides

very frequently 4.0
4.0

soil lateral spreads, soil
slumps, soil block slides,
soil avalanches

frequently 5.0
4.5
6.5

soil falls, rapid soil flows,
rock slumps

moderately frequently 4.0
5.0

sub aqueous landslides,
slow earth flows, rock
block slides, rock
avalanches

uncommon 5.0
5.0
5.0
6.0
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Cohesive soil 

Fig. 3.22 Cross section of a sand volcano

surface due to differential settlement and some lateral movement. If the ground
surface of the cap layer is nearly horizontal and the thickness of the top layer is
less than 10 m then so called sand volcanoes, Fig. 3.22, can be formed through
previous desiccation cracks, rotten tree roots and channels burrowed by animals.
The expelled sandy soil spreads around and forms a layer. When such layers are
buried by new deposits, they leave a permanent record of the past event. If sand
volcanoes are prevented by greater thickness of the overlaying layer or tree roots
provide sufficient reinforcement to hold the top layer intact then sills are formed
within upper sandy layers.

Besides earthquake magnitude, seismic hazard involves also determination of
recurrence period of the magnitudes. Radiocarbon 14C dating of fossils can be used
for estimation of the age of event. However, previous evidence can be destroyed
by subsequent earthquakes, particularly if the subsequent earthquakes are of greater
magnitudes than the previous earthquakes.

The importance of paleoseismology increases with decreased amount of other
available data. Despite possible insufficient accuracy in the interpretation of prehis-
toric events, the existence of past events is important as evidence because the events
tend to reoccur.

3.6 Summary

Assessment and selection of seismic data for the analyses is one of the most complex
tasks in geotechnical and earthquake engineering. The simplified analyses require
different seismic parameters as input data.

� Peak horizontal and vertical ground acceleration and velocity are frequently as-
sessed using local or generalized empirical attenuation relationships based on
earthquake magnitude, source to site distance, local soil and tectonic fault types.
The attenuation relationships do not account for the effects of the rupture di-
rectivity, Moho bounce, sediment basin edge and topographic effects. The in-
fluence of such additional factors must be assessed individually and considered
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by adding (a part of) standard deviations to the average values predicted by the
attenuation relationships.

� Response spectral accelerations are usually obtained from local or international
codes and standards or from a number of published attenuation relationships.
The spectral accelerations are usually anchored to the ground peak acceleration
at zero structural period. In any case, response spectral accelerations do not con-
sider a number of additional factors listed above for the peak acceleration. The
importance of such factors must be assessed individually and their effect taken
into account for the response spectra.

� The choice of acceleration time histories is either based on earthquake magni-
tude, the site to source distance and local soil type if they are obtained from data
bases or such that the acceleration response spectra of artificial time histories
much predefined spectral values. A number of additional factors listed above for
the peak acceleration must be considered separately and their effect taken into
account in the selection of time histories.

� Earthquake magnitudes and the source to site distances used for the selection
of the peak values, response spectral values of acceleration time histories are
assessed by consideration of seismic hazard at a particular location. Seismic
hazard consideration should take into account not only earthquake source size
and type but also the effect of rupture propagation and space and time clustering,
which are rarely considered in practice.

� Seismic hazard at a location should be based on consideration of not only all
historic data on earthquake sources and instrumental data i.e. recording of recent
earthquakes but also tectonic and paleoseismic data and observation of fault and
ground surface movements using terrestrial or satellite methods.

The following chapters contain description which earthquake parameters are
used as input data for the simplified models.



Chapter 4
Slope Stability and Displacement

4.1 Introduction

Besides inducing inertia forces, earthquakes cause frequently ground failures and
deformations. Different classifications of slope failures exist (e.g. Varnes, 1978).
One such classification is given in the first column of Table 3.3. Besides the type
of material involved (soil or rock) and the type of movement (rotational, transla-
tional or combined sliding, falling, spreading, flowing) other parameters may be
considered such as speed of propagation (extremely rapid with more than 3 m/s to
extremely slow with less than 10 cm/year), depth (shallow with extent smaller than
the slope height and length, or deep with extent greater than the slope height and
length) etc.

Ground movements caused by earthquakes can vary from a few centimeters to
many kilometers. The objective of this chapters to describe different types of ground
failures/displacements and simplified methods for their analyses.

4.2 Slope Stability

Duncan (1996), for example, reviewed available methods for the analysis of stability
and deformation of slopes in static condition. Essentially, one can use either a limit
equilibrium method or a numerical method.

Limit equilibrium (LE) methods are very commonly used for slope stability anal-
ysis. Typically, a LE method fulfils only condition of equilibrium of forces and
turning moments, while the other physical conditions may be violated. A safety
factor is used in part to compensate for this incompleteness. A safety factor also
caters for uncertainties in assumed slope geometry (with/without open cracks), soil
properties, assumed loading, and boundary conditions (such as rainfall).

Numerical methods include finite elements, discrete elements, boundary ele-
ments, and finite difference methods. These allow analyses of slope deformability
and slope-structure interactions. In principle, numerical methods can fulfill all equi-
librium conditions of stresses, constitutive relations between the stresses and cor-
responding strains, and compatibility conditions between strains and displacements

M. Srbulov, Geotechnical Earthquake Engineering,
C© Springer Science+Business Media B.V. 2008
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gradients. However, there is considerable debate about the constitutive behavior of
soil and how to model it. Numerical methods are often complex to use and verify.

4.2.1 Limit Equilibrium Method for Two-Dimensional
Analysis by Prismatic Wedges

Many limit equilibrium methods are based on division of a potential sliding mass
into vertical slices or wedges so that the equilibriums of forces and moments are
considered for each slice or wedge. For the two-dimensional case, a potential sliding
mass with slices, wedges and forces acting on a wedge are shown in Fig. 4.1. The
inertial forces arising from ground motions are usually considered using pseudo
static consideration, which is acceptable if ground properties and excess pore water
pressure in cyclic condition are also considered.

In the above figure, Ni is force acting in the direction that is perpendicular to the
surface of a wedge base or interface, Ti is force acting in the direction that is parallel
to the surface of a wedge base or interface, W is wedge weight, GW is ground water
force acting in the direction that is perpendicular to the surface of a wedge base
or interface, cvm and ch are the ratios of the inertial forces acting on a wedge with
respect to the wedge weight, bi is breadth of wedge base or interface.

Conventional limit equilibrium methods use a constant factor of safety FS along
a potential slip surface (and sometimes interfaces) under the assumption that soil
shear strength is mobilized at all places at the same (or similar) shear strains. Srbulov
(1987) developed a more sophisticated, though still simplified approach in which
account was taken of the relation between shear stress and strain. The following
description is based on the paper by Srbulov (2001) with permission from Elsevier.

Figure 4.2 shows a combined plot of soil shear strength dependence on com-
pressive stress acting on considered surface and soil shear strength dependence on
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Fig. 4.1 Division of a potential sliding mass into n slices/wedges and forces acting on ith wedge
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Fig. 4.2 Stress and strain relationships for two different soil types within a slope

achieved shear strain. The left side shows soil friction angle φ and shear strength
(cohesion) c at zero compressive stress. These values are chosen as follows:

� In a drained analysis, during very slow shear rates (static condition without
earthquake), the cohesion intercept c is the result of linearization of a non-linear
relationship between soil shear strength and compressive stress.

� In an undrained condition, at fast shear rates during earthquake and in fine
grained soil, the friction angle φ is zero in fully saturated condition while the
cohesion intercept cu depends on many factors such as consolidation state (nor-
mally or over consolidated), soil plasticity index (Section 2.3), direction of shear-
ing, shear rate etc.

The right side of Fig. 4.2 shows soil peak and residual strength of dense/stiff
and loose/soft soil. Peak soil shear strength is the result of dense/stiff soil dilation
on shearing, when soil grains/particles are tightly pack and must either roll over
adjacent grains, which results in soil volume increase and decreases of excess pore
water pressure, or to a lesser degree breaking of soil grains. Significant soil sample
disturbance results in soil loosening/softening and an apparent loss of the peak shear
strength. Dense/stiff soil is less deformable than loose/soft soil, which achieves its
peak shear strength at larger deformations (strain). When dense/stiff and loose/soft
soil coexists within a slope, the dense/stiff soil will achieve its peak shear strength
sooner than loose/soft soil. The dense/stiff soil can then suffer loss of peak shear
strength with further loading/straining, particularly if it alone cannot carry the ap-
plied load but also needs activation of the peak shear strength of adjacent loose/soft
soil.

However, the use of peak shear strength of dense/stiff soil (which exhibits post
peak shear strength decrease with increase in shear strain) when loose/soft soil is
also present within a slope is unsafe in conventional limit equilibrium methods,
which assume that both dense/stiff and loose/soft soils achieve their peak shear
strength at the same shear strain, because shear strain is not considered by the
method.
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Brittle soil (which exhibits decrease of their shear strength and stiffness with in-
crease in strain) tends to experience rapid slope failures leaving no time for eventual
remediation. Because of the speed of development of brittle soil failures, the obser-
vational method is not useful in this case. Such soil behavior can also be a source
of instability of numerical procedures if tangent soil modulus (Fig. 2.1) becomes
negative in the post peak region and secant soil modulus is not considered.

The use of residual shear strength of dense/stiff soil when loose/soft soil is also
present within a slope in order to be on a safe side is very conservative unless
the slope failed before and exhibited large shear strain so that the actual soil shear
strength is close to the residual strength.

Factor of safety FS is usually defined as the ratio between available shear strength
τa and the shear stress τe necessary to maintain limit equilibrium

FS = τa

τe
, (4.1)

where τa is equal to the peak shear strength τp when FS > 1 or to the post-peak
strength if yielding occurs. Using a linear Mohr-Coulomb failure criterion, which
relates shear τa and compressive stresses σ, FS can be expressed in terms of these
stresses

FS = c′ + (1 − ru) · σ′ · tan φ′
1

τe
, (4.2)

where c′ is soil cohesion, ru is the excess pore water pressure ratio and φ′
1 angle of

soil internal friction. Several proposals for non-linear shear strength criterion exist.
For example, for c′ = 0 the change of soil friction angle φ′

1 with effective (total less
excess pore water pressure) compressive stress level σ′ can be expressed as:

φ′
1 = φb + �φ

1 + σ′

pn

, (4.3)

where the parameters φb, �φ and pn for different soil types and rock joints are given
by Maksimovic (1989a to 1996b).

Equation (4.2) can be written in terms of normal Ni and shear Ti forces acting on
a particular surface i as

FS = c′ · bi + (1 − ru) · N ′
i · tan φ′

1

Ti
, (4.4)

where bi is breath of the base or interface i of a wedge.
Knowing one of the components of the resultant forces acting along a slip sur-

face and a constant FS, it is possible to calculate the other components, so that
the number of unknown forces to be determined from available force and moment
equilibrium equations is decreased.
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Fig. 4.3 Sketch of a shear
zone with activated soil shear
strength in the case of
progressive failure
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Shear strains are seldom uniform even within homogeneous soil and at relatively
small stress levels. When shear strength of soil at large shear strain is smaller than its
peak value then localized and propagating (progressive) failure may occur if induced
shear strains are large enough, Fig. 4.3.

Similarly, if soil is heterogeneous and some parts mobilize and loose their peak
shear strengths while the other parts are still on the way to mobilize the peak strength
then again localized and progressive failures may occur. The problem of analyzing
progressive failure may be avoided if only soil residual strength is considered. Soil
reinforced by geogrids and geotextiles also experiences a progressive failure. How-
ever, when soil reinforcement is loaded beyond its ultimate strength it tends to break
and completely loose all the strength as its residual strength is zero. In the later case,
the use of residual strength only is pointless because it would lead to consideration
of non-reinforced soil.

Different methods have been proposed to solve the problem of propagating (pro-
gressive) failure using numerical methods based on finite, discrete/distinct elements
and finite difference. This sub-section describes a procedure for consideration of
the local and progressive failures within the framework of limit equilibrium method
when applied to analysis of stability of slopes, according to Srbulov (1987). The
method has been applied to slopes, foundations, geogrid/geotextile reinforced em-
bankments and retaining walls (Srbulov, 1988 to 2001) subjected to progressive
failures.

The activation of shear stresses τa, τe is accompanied by development of shear
strains (Fig. 4.2) and therefore shear stress/strength can be expressed as a function
of both axial stress σ and shear strain γ . The function is determined by soil shear
tests. In its simplest form, when only the shape but not the value of function τ − γ

is assumed independent of σ up to the peak shear strength (Fig. 4.4), the function
becomes for F S ≥ 1

τ = Cs · σ · γ k, (4.5)

where Cs, k < 1 are soil constants determined by curve fitting from laboratory test
results. The test results indicate that this assumption can be considered accurate for
a rather large σ stress range only for cohesive soil under undrained conditions and
reinforced soil when reinforcement strength has a greater influence on the behavior
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Fig. 4.4 Stress and strain relationships for dense and stiff soil

of composite material. The σ stress dependent shapes of the function may be in-
troduced but on account of the use of an additional iterative procedure that must be
applied until the differences between initially assumed σ stress levels are close to the
calculated σ stress levels within desired tolerance. An alternative approach would
be division of a soil zone into sub-zones each corresponding to appropriate σ stress
level as it has been done in the case when a nonlinear shear strength envelope is lin-
earized within chosen σ stress intervals. While Fig. 4.2 shows stress/strain functions
for dense/stiff and loose/soft soil, Fig. 4.4 shows such functions for dense/stiff soil
only but for different compressive stresses σ1 and σ2. In addition, Fig. 4.4 shows a
functional relationship between the change in thickness dt of dense/stiff soil along
a shear surface versus achieved shear strain γ .

Replacing Equations (4.5) into Equation (4.1), the factor of safety at the surface
i can be written in the form

Fi = γ k
i,a

γ k
i,e

, (4.6)

where γi,a is the shear strain corresponding to available shear strength τa at a joint
i and γi,e is the shear strain corresponding to mobilized shear stress τe at a joint i .
Similarly at another surface j ,

Fj = γ k1
j,a

γ k1
j,e

, (4.7)

where the exponent k1 is different from k in the case when different soil types exist
at the places i and j . From Equations (4.6) and (4.7) it follows

Fj = Fi · γ k1
j,a

γ k
i,a

· γ k
i,e

γ k1
j,e

(4.8)
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Unknown Fi can be determined from available equilibrium equations similarly
to a constant FS in conventional methods. Mobilized shear strain can be determined
from Equation (4.7)

γ j,e = γ j,a

Fj
1

k1

(4.9)

The values of γ k1
j,a and γ k

i,,a are determined by soil stress-strain tests, such as

simple shear. It should be noted that the ratio γ k
i,aγ

k
i,e

−1
but not particular values

of shear strains are necessary to calculate the local factor of safety at any surface
j . This has a useful implication. If soil is tested in a direct shear apparatus then the
ratio γ k

i,aγ
k

i,e
−1

can be replaced by the ratio of measured horizontal displacements

δk
i,aδ

k
i,e

−1
. If soil is tested in a triaxial apparatus then the ratio between measured

axial strains is used εk
i,aε

k
i,e

−1
. Load within geotextile/geogrid for soil reinforce-

ment is usually described as a function of axial strain (eg. Jewel, 1990).
If a soil zone is divided into wedges (Fig. 4.1) and the wedges between their

boundaries do not change their volumes (they are rigid) except that some local
yielding is allowed at their tips then the ratio γ k

i,eγ
k1

j,e
−1

between the magnitudes

of shear strains at two boundaries (i, j) will be the same to the ratio �k
i,e�k1

j,e
−1

of
magnitudes of kinematically possible tangential displacements along these bound-
aries, because γi,j and �i, j will be directly proportional (γi, j = Bc�i, j , where Bc

is an unknown constant). For rigid wedges, tangential displacements along a par-
ticular boundary will be constant. In undrained condition of saturated soil, there
will be no volumetric changes along wedge boundaries and potential shear strain
can be defined as the ratio between kinematically possible tangential displacements
along the boundary and the boundary thickness. For a unit boundary thickness, the
shear strains will be equal to the tangential displacements. Kinematically possible
tangential displacements can be defined starting with a unit tangential displacement
along the base of the first wedge. Proceeding along the external boundaries so that
the known tangential displacement is the vector sum of the displacement in the
directions of the interface and base of the following wedge it is possible to define
all other kinematically possible displacements.

The assumption of no soil volume change along a boundary is not correct for
drained conditions nor is correct to assume that the wedges are rigid. However,
the volumetric changes due to normal stresses should be small for stiff soil and at
relatively small σ stresses acting within most ground slopes. When they are likely to
be significant such in soft clay and loose sand then the assumption of no volumetric
strain due to normal stresses in drained condition is less acceptable.

Volumetric strain εv change along the boundaries (i.e. boundary thickness change
dt) with shear strain change is taken into account in the construction of kinemati-
cally possible displacements diagram as the inclinations of tangential displacement
vectors with respect to the boundaries. From calculated Fj using Equation (4.8) it
is possible to back calculate γ j,e using Equation (4.9). The function of volumetric
strain (specific thickness dt) change versus shear strain γ (Fig. 4.4) is determined by
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soil stress-strain tests. The angle of inclination α j of tangential displacement vector
with respect to the boundary direction is simply

α j = arctan
dt j,e

γ j,e
(4.10)

Figure 4.5 depicts kinematically possible displacements for the first three wedges
from Fig. 4.1 for simplicity.

If local over stressing occurs at face j (which means that Fj tends to become less
than 1 and the mobilized strength greater than the peak value, which is impossible)
then the yielding (Fig. 4.4), accompanied by an increase in shear strains γ j,e can
be simulated by the increase of γ j,a in Equation (4.8) until Fj becomes equal to
1. Such simulation is necessary because fixed value � j,e, dependent on geometry
only, is used instead of actual shear strain γ j,e. With post peak increase (yielding)
of shear strain γ j,e, brittle soil will soften and therefore the corresponding decrease
in the shear strength parameters c′, φ′ with the increase in γ j,e is taken into account
in Equation (4.4). A change (an increase) in the factor of safety Fj will cause cor-
responding change in Tj force and consequently of all other forces because of the
need to satisfy the equilibrium equations.

Using two wedges, Srbulov (1997) investigated the effect of rate of soil shear
strength decrease below the peak value. He found that there will be an evident
difference in the calculated factors of safety of the slope stability if soil decreases
its peak strength towards the residual value more gradually then abruptly. In the
former case the use of an instant jump from the peak to the residual strength
is not appropriate. The calculated factors of safety by the extended method and
by a classical method were also in a good agreement if soil exhibits an abrupt
shear strength drop after the peak. However, classical method yields smaller factors
of safety than the extended method for gradually decreasing post peak shear be-
cause the mobilized shear strength is somewhere between its peak and the residual
value.
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Two wedges were used by Srbulov (2001) for an investigation of the effect of
change in volumetric strain (specific thickness) with shearing on calculated factor
of safety. A function describing the specific thickness change dt with shear strain
γ (Fig. 4.4) was adopted in the form which was deemed appropriate for both the
contracting and dilating phases of soil volume (thickness) changes up to its con-
stant value at the steady-state. Srbulov (2001) found that the effect of volumetric
strain changes with shearing is not very important for the majority of slightly di-
latant/contractant soil but could be very important for heavily over consolidated
clay and very dense sand. Table 4.1 contains the list of unknown values, available
equations and their numbers for nw wedges.

It can be noted that the use of the local factors of safety Fj increased the number
of unknown values and the number of available Equations (4.8) for nw in compar-
ison with the number of unknown values and available equations in conventional
methods of limit equilibrium. It is also evident that the positions of normal forces
Ni at the bases (except at the last base) are assumed to be in the middle of bases. Var-
ious assumptions have to be introduced in all procedures based on limit equilibrium
method due to excessive number of unknown values in comparison with available
limit equilibrium equations. Such assumptions cause that the solutions obtained by
the methods are only approximate and not necessarily correct with regard to other
stress-strain constitutive laws.

The system of 3nw equilibrium equations is nonlinear due to unknown Fi in
the denominators of the coefficients of equations. It is possible to apply an iterative
procedure by choosing an initial Fi (= 1), solving 3nw−1 linear equations, checking

Table 4.1 Unknown values, available equations, and their numbers for nw wedges

Unknown values Number Available equations Number

Normal forces N at bases of
wedges

nw Forces equilibrium in the horizontal
direction

nw

Location of N at the last base
(at other bases assumed in the
middle of bases)

1 Forces equilibrium in the vertical
direction

nw

Normal forces N at interfaces
between wedges

nw − 1 Moments equilibrium nw

Locations of N at the interfaces
Shear forces T at bases of

wedges

nw − 1
nw

Fj = Fi · γ
k1
j,a

γ k
i,a

· γ k
i,e

γ
k1
j,e

at bases (except at i)
at interfaces

nw − 1
nw − 1

Shear forces T at interfaces
between wedges

nw − 1 Tj = c′
j · b j + (1 − ru, j) · N ′

j · tan φ′
j

Fj

at bases
at interfaces

nw

nw − 1Factor of safety Fi 1
Local factors of safety Fj at

bases (except at i) at
interfaces

nw − 1
nw − 1

Total 7nw − 3 Total 7nw − 3
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the 3nwth equation and gradually changing (increasing) Fi in steps until all 3nw

equilibrium equations are satisfied to a specified tolerance. Several iterations will
be necessary for each step if local yielding occurs and therefore the coefficients of
the equations must be readjusted. The results of the calculation are not applicable if
the normal forces acting on the interfaces and the base of the last wedge are outside
the limits of the interfaces and the base and also if calculated normal forces are
negative (tensile) except in the case of reinforced soil when tensile stress must not
exceed the reinforcement tensile strength. This indicates that assumed potential slip
surface and the subdivision into wedges are not acceptable and need change. For
an unstable wedge assembly, the equilibrium equations cannot be satisfied and the
stepping procedure will continue to a predefined number of steps. For a stable wedge
group, an average factor of safety of the group stability Favr can be calculated from
the formula for nw wedges

Favr =

2nw−1∑

i=1
τa,i · bi

2nw−1∑

i=1

τa,i · bi

Fi

(4.11)

Favr is used for comparison with a constant FS from conventional methods and for
the assessment of global stability of a group of wedges.

The expression relating acting forces and shear strains at a boundary j follows
from Equations (4.4) and (4.8), when FS in Equation (4.4) is replaced by a local
Fs, j from Equation (4.8), with addition of the cosine terms for the case when kine-
matically possible tangential displacements �i, j are inclined to the wedge surfaces
because of change in the specific thickness dt.

Tj = c′
j · b j + (1 − ru, j ) · N ′

j · tan φ′
j

Fi · γ k1
j,a

γ k
i,a

· �k
i,e · cos αi

�k1 j,e · cos α j

(4.12)

All local Fs, j will be the same if soil is homogeneous
(
γ k1

j,aγ
k

i,a
−1 = 1

)
and the

ratios �k
i,e�k1

j,e
−1 = 1 along a plane or the bases of wedges with same thicknesses

of a circular cylinder with the interfaces passing through the centre of the cylinder.
The extended limit equilibrium method described in this section can also be used
for soil reinforced by one or more layers of geotextiles/geogrids.

When only one reinforcement zone exists, such as in reinforced embankments,
then reinforcement can be treated as a soil layer (Srbulov, 1999). However, when
many reinforced layers are present it is necessary to apply a composite material
concept. Ingold (1982) referred to the work of Long et al. (1972) who observed
that above a certain threshold value of applied confining pressure in triaxial appa-
ratus there was a constant increase in applied vertical stress at failure in samples
with reinforcement at a given tensile strength and spacing. Failure of the reinforced
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samples was very brittle, with a drastic decrease in strength when the peak was
passed. The brittleness was less severe at higher applied confining pressures or in
less heavily reinforced samples. Post-failure inspection of dismantled samples con-
sistently showed that the reinforcement had failed in tension. It was concluded that
since, for tensile reinforcement failure, the failure envelopes of both the reinforced
and non-reinforced sand are parallel, and therefore exhibit the same angle of internal
shearing resistance, the additional strength imparted by the reinforcement could be
represented by an apparent cohesion.

In addition, the orientation of reinforcement is likely to change with respect to
a wedge boundary, from as-built position to an almost parallel orientation at the
failure. Jewel (1990) proposed that the improvement in shearing resistance Ps , re-
sulting from a reinforcement force, Pr , can be expressed by the equilibrium equation
of forces

Ps = Pr · (sin θr + cos θr · tan φ′
1), (4.13)

where θr is the angle between the reinforcement direction and a normal to the bound-
ary. Equation (4.13) also defines the degree of anisotropy of shearing resistance of
reinforced soil with respect to the angle θr . For φ′

1 close to 30◦ it follows from the
above equation that almost a constant tensile force Ps greater or equal to Pr acts for
the range of θr between 30◦ and 90◦, with the maximum Ps P−1

r of 1.15 for θr = 60◦.
It can be assumed that an apparent cohesion is given by the expression

c̄ =
∑ Pr

b j
(4.14)

where � is applied to all reinforced layers crossing a particular considered wedge
boundary if the distance to the end of reinforcement is sufficient for activation of
reinforcement tensile strength. It also means that reinforced soil shear strength is
considered isotropic, because it varies little with the angle θr according to Equation
(4.13).

The LE method for slopes can also be used for analysis of bearing capacity of
footings similarly as the use of Sarma’s method for bearing capacity of footings
(Sarma and Chen, 1995, 1996).

4.2.1.1 Case Study of the Stability of Cutting at Northolt in England

Appendix A.2 contains an Excel spreadsheet for the assessment of slope stability
according to the method described in this section. The example in the spreadsheet is
from Srbulov (1988, 1995). The near-failure slope stability problem was described
by Skempton and Hutchinson (1969). They wrote that “the cutting at Northolt was
first excavated in 1903 with slope at 2.75:1. In 1936, widening of the cutting took
place and the new slope was made at 2.5:1 with a small concrete wall. Movements
became noticeable in January 1955; comprising slumping at the top and bulging just
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Table 4.2 Local factors of safety and mobilized soil cohesion and friction angles in the example

Joint No Local factor
of safety

Mobilized soil
cohesion (kPa)

Mobilized friction
angle (degrees)

1 1 1 13
2 1 5.2 15
3 1 5.2 15
4 1 5.2 15
5 1 5.2 15
6 1 9.3 17
7 1 9.3 17
8 1.45 10.8 14.1
9 1.24 12.5 16.4
10 1.45 10.8 14.1
11 1.01 15.6 20

above the wall. Stability analyses using the method of Morgenstern & Price, with
the slip surface and piezometric level, have recently been made by R.J. Chandler”.

For the peak soil shear strength Chandler calculated FS = 1.63, while for the
residual shear strength FS = 0.54. It is interested to notice that for the “fully soft-
ened or critical state condition” Chandler calculated FS = 0.77. Using the procedure
described in this section and the soil parameters given in Appendix A.2, an average
Favr = 1.06 is obtained. It should be mentioned that the Favr slightly greater than
one is the results of the local factors of safety larger than one along the interfaces of
the slip zone as the local factors of safety along the slip surface are all equal to one,
with the shear strength below the peak value, Table. 4.2.

While FS = 1.63 corresponds to a stable slope, FS = 0.54 or 0.77 to a failed
slope, Favr = 1.06 indicates a slope near failure condition, which is usually accom-
panied by an increase in slope movements as they were observed in 1936. Therefore,
the method described in this section is considered more appropriate for brittle soil
than classical LE methods. The cross section of the cutting with its discretization
into wedges is shown in Fig. 4.6.

4.2.2 Single Tetrahedral Wedge for Three-Dimensional
Analysis of Translational Stability

For narrow slope failures, the effects of forces acting on the sides of sliding mass
are significant and cannot be ignored. This is frequently the case for slope failures in
rock when sliding occurs along distinct joints. The analysis of translational stability
of a tetrahedral wedge formed by slope plane, top plane, two potential sliding planes,
and a tension crack plane (Fig. 4.7) is based on Hoek and Bray (1981).

The Lambert equal area projection is used by geographers to represent the spheri-
cal shape of the Earth’s on a flat surface (Hoek and Bray, 1981). The traces of planes
on the surface of a reference sphere are used to define the dips and dip directions of
the planes. Equal area projection is used to show the traces of the wedge bounding
planes, Fig. 4.8.
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Fig. 4.6 The cross section of the cutting at Northolt with the wedges used for the analysis of the
stability

Fig. 4.7 Geometry of a
tetrahedral translational
wedge with the bounding
planes 1–5 1

2
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Slope
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Fig. 4.8 Method of
construction of an equal area
projection by intersection of a
plane with a reference sphere

Plane
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North

Azimuth 
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Projection (trace) 
on horizontal plane

Only the intersection of a plane with the lower half of the reference sphere is suf-
ficient to be projected on the horizontal plane, because the other half is symmetric.
The inclination of the line of intersection of the planes 1 and 2 and of the sliding
wedge (block) can be determined from the projection on horizontal plane, Fig. 4.9.
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Fig. 4.9 Projection on
horizontal plane of the traces
of the planes 1 and 2 and of
the intersection line between
them

North

0o

90o

Trace of 
plane 1

Trace of
plane 2

 Trace of line of    
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The effect of inertial forces caused by an earthquake is considered as an addi-
tional external load in quasi-static approach. The calculation of the critical accel-
eration, which causes the factor of safety of wedge stability of one, is performed
using trial and error procedure. If for assumed external load, the calculated factor
of safety of wedge stability caused by the inertial forces is different from one then
assumed additional external load is increased/decreased until calculated factor of
safety becomes equal to one, in which case the critical acceleration is found.

4.2.2.1 Example of Three Dimensional Slope Stability Analysis

Appendix A.3 contains data for the example presented by Hoek and Bray (1981) in
their Appendix 2 for dry slope. The critical acceleration of 2.94 m/s2 is calculated
from the ratio between the additional external load and wedge weight when the
factor of safety of slope stability is one.

4.3 Shear Beam Model for Reversible Displacement Analysis

4.3.1 Two-Dimensional Analysis

Recognitions that seismic transversal waves arrive at a site in almost vertical direc-
tion, because of their refractions at the boundaries between stiffer and softer layers
existing along the wave propagation from the source to ground surface, and that soil
can behave as elastic material up to the peak acceleration of about 3 m/s2 enable
the use of simplified models. Mononobe (1936) considered soil dynamic analysis in
two-dimensions as shear beams, Fig. 4.10. The main assumptions of the shear beam
model are:



4.3 Shear Beam Model for Reversible Displacement Analysis 87

Fig. 4.10 Cross section of a
shear beam with varying
width along its height

� a cross section deforms in simple shear with only horizontal displacements
present,

� either shear stresses or shear strain are uniform across horizontal planes

In reality, significant vertical displacements may exist in the near field of earth-
quake source although the horizontal displacements may predominate. Also, unifor-
mity of shear stresses or strain requires uniformity of materials and loading across
horizontal planes, which is frequently not the case. Nevertheless, the concept is use-
ful as a first approximation of the problem because it allows that two-dimensional
case is considered as one dimensional case.

Many authors considered shear beam model (e.g. Kramer, 1996). Ambraseys
(1960) calculated the magnification factor for one cycle of synchronous damped
oscillation of a triangular shape in its first mode of vibration as shown in Table. 4.3.

Large damping ratios are not realistic for an elastic material but rather for an
equivalent linear elastic material, which properties are estimated based on
Section 2.2.1. Consequently, care is needed in applying the Ambraseys’ factors in
practice.

Baldovin and Paoliani (1994) compiled data from 25 case histories concerning
earth and rock fill dams, with heights varying from 8 m to over 200 m, affected by
earthquakes, with the magnitudes range from 4.9 to 8.5. In many cases, the motions
at the base and at the crest of the dams were recorded or sometimes estimated and
computed. They observed that the crests to bases acceleration ratios were not signif-
icantly influenced by the geometries, heights and even upstream slope inclinations
but mostly by the peak base acceleration. The upper and lower boundaries of the
crest to base peak acceleration ratios based on their data are shown in Fig. 4.11.

The data indicate that the ratios between the peak accelerations at dam crests
and the peak accelerations at dam bases are similar to the ratios between the peak
accelerations at the ground surface and depths for level ground shown in Fig. 3.14.

For an equivalent harmonic motion, the amplitudes of horizontal displacements,
if required, can be approximated by multiplying the acceleration amplitude by the
factor Td

2(4π2)−1, from Equation (2.15). The period of the first mode of dam free
vibration, Td = 2.61Hd v−1

t (e.g. Dakoulas and Gazetas, 1985), where Hd is dam
height and vt is an average velocity of propagation of transversal waves through
dam body.

Table 4.3 The magnification factors at dam crest according to Ambraseys (1960)

Damping ratio (%) 0 5 10 15 20 25 30

Magnification factor 3.14 2.75 2.34 2.12 1.80 1.63 1.40
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Fig. 4.11 Recorded and estimated upper and lower bounds of the ratios between dam crest and the
base peak accelerations

Chugh (1985) proposed a modified analysis of one-dimensional wave propaga-
tion through horizontally layered sites to account for the finite cross-sectional di-
mensions of an embankment dam overlying a foundation deposit. The comparisons
of computed and observed responses of a dam support the use of the simple numer-
ical procedure. Other simplified approaches have also been considered. Numerical
analysis can be performed in two dimensions using computer codes, for example
QUAD4M (http://nisee.berkeley.edu/documents/SWSC/QUAD4M.zip) based on the
equivalent linear soil properties as used by SHAKE and time domain analysis.

4.3.2 Three-Dimensional Effect

Gazetas (1987) plotted the ratios between fundamental periods of dams in valleys
of different shapes and infinitely long dams as function of the dam length Ld and
height Hd (Fig. 4.12) and vibration mode.

The greatest differences exist for the first vibration mode and the dam length
to height ratio Ld Hd

−1 up to about 5.5. For Ld Hd
−1 < 2.5, the ratios between the

first fundamental period of dams in rectangular shaped canyons and dams of infinite
lengths are approximately equal to 0.5(Ld Hd

−1)0.75. For Ld Hd
−1 < 5.5, the ratios

Fig. 4.12 Three-dimensional
dam with height Hd and
length Ld . Two-dimensional
cross section is shown by
dashed lines

Ld 

Hd 
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between the first fundamental period of dams in triangularly shaped canyons and
dams of infinite lengths are approximately equal to 0.35(Ld Hd

−1)0.6.

4.4 Sliding Block Models for Permanent Displacement Analysis

4.4.1 Co-Seismic Stage

This stage is analyzed using Newmark’s sliding block method, which concept is
introduced in Section 1.3. Any shape of potential sliding slope can be represented
by its equivalent sliding block as indicated in Fig. 1.4. The equivalent sliding block
parameters are:

� Angle of inclination to the horizontal ᾱ of the block is equal to inclination to the
horizontal of the resultant of tangential forces �T shown in Fig. 1.4.

� For a linear relationship between shear strength and effective normal stress, an
equivalent friction angle along the block base is

φ̄ = arctan
FS · �T

�N
(4.15)

where �T and �N are shown in Fig. 1.4 and FS (Favr ) is the average factor of
safety of slope stability.

� An average compressive stress on the block base is

σ̄ = �N

As
, (4.16)

where As is the area of slope sliding surface.
A sliding block with the forces acting on it in the case of horizontal ground

motion only is shown in Fig. 4.13.

Fig. 4.13 Sliding block with
forces acting on it

W 

ΣN 

ΣT

khW 

−
α

Base acceleration

where W is block weight, �N and �T are normal and tangential components of
W force acting on the inclined plane with angle ᾱ to the horizontal, kh is the ratio
between the horizontal inertial and the gravitational acceleration. For a linear rela-
tionship between shear strength and effective normal stress, the factor of safety FS
against block sliding is:
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FS =
∑

N · tan φ̄
∑

T
= (W · cos ᾱ − kh · W · sin ᾱ) · tan φ̄

W · sin ᾱ + kh · W · cos ᾱ
(4.17)

The block will not move relative to the base as long as the base acceleration
is less than a critical acceleration. The critical acceleration ratio for a horizontal
ground motion can be obtained from Equation (4.17) when FS=1, i.e.

kh,cr = tan(φ̄ − ᾱ) (4.18)

The horizontal component of permanent co-seismic displacement of a sliding
slope (block) relative to its base is calculated by double integration in time, Fig. 4.14,
of the difference between the base acceleration and the critical acceleration. The per-
manent down slope displacement is calculated by dividing the results of the double
integration by cosᾱ, where ᾱ is the inclination of the equivalent sliding block to the
horizontal, ᾱ = arctan [(tan φ̄ − F S · K R) · (F S + K R · tan φ̄)]−1 from the Equation
(4.17).

Calculation of the critical acceleration of a slope is performed directly for a slope
(e.g. Sarma and Tan, 2006; Sarma, 1979) or by trial and error until calculated fac-
tor of safety of slope stability is equal to 1.0 using methods such as described in
Sections 4.2.1 and 4.2.2. Hoek (1987) published a computer program for the anal-
ysis of slope stability and determination of the critical acceleration according to
Sarma’s (1979) method.

Ambraseys and Srbulov (1994, 1995), among others, provided the attenuation
relationships of co-seismic permanent displacements depending on earthquake mag-
nitude, earthquake source distance and the ratio between the critical acceleration for
slope instability and the peak acceleration of ground. The attenuation relationships
have been derived using least square regression performed on the permanent ground
displacements, which are calculated using double integration in time of the differ-
ence between the base acceleration and the critical acceleration.

The following assumptions and limitations apply:

� Constant critical acceleration ratio is independent on the amount and rate of
sliding.

� Earthquake magnitude Ms range 5 to 7.7.
� Earthquake source distances to 50 km.
� Acceleration records caused by thrust (46%), normal (26%) and strike slip (29%)

faults with the mean depth of the events 10 ± 4 km.

Fig. 4.14 Integration in time
of the block relative
acceleration (thin continuous
line) to velocity (thick dashed
line) and to permanent
displacement (thick
continuous line)

Base 
acceleration

Time

Critical
acceleration



4.4 Sliding Block Models for Permanent Displacement Analysis 91

� One-way horizontal component of displacement only for slopes. Down slope
displacement is calculated by dividing the horizontal component with cos ᾱ, ᾱ

is inclination to the horizontal of the equivalent block.
� Horizontal ground acceleration was considered only.

The attenuation relationship for one-way permanent horizontal component of
displacements on sloping ground is according to Ambraseys and Srbulov (1994,
1995)

log10(u1) = −2.47+0.47 · Ms −0.01 · r f + log10

⎛

⎜
⎝

[
1 −

(
kc
/

kp

)]2.64

(
kc
/

kp

)1.02

⎞

⎟
⎠+0.58 · p,

(4.19)
and for two-way displacement on level ground is

log10(u2) = −2.07+0.47·Ms−0.012·r f +log10

(
1 − kc

/
kp

)2.91
+0.6·p, (4.20)

where u1,2 are in cm, r f = (h f
2 + d f

2)0.5, h f is the hypocentral depth, d f is
the source distance, kc is the ratio between the critical horizontal acceleration at
which the factor of safety of slope stability is 1 and the gravitational acceleration,
kp is the ratio between the peak horizontal ground acceleration and the gravitational
acceleration, p is the number of standard deviations.

The results of these relationships are shown in Fig. 4.15 for three earthquake
magnitudes and three source-to-site distances.

From Fig. 4.15 it can be noticed that, although the variation of predicted perma-
nent co-seismic displacements is relatively large, the absolute values of the displace-
ments are large only for the strongest earthquakes in the near field and vulnerable
slopes with the factor of safety close to 1. This is the result of relatively short dura-
tion of ground acceleration pulses and their alternating direction.

The effect of the vertical component of ground acceleration may not be important
in many cases except for very steep natural and artificial slopes when the slip surface
is nearly vertical i.e. parallel to the vertical acceleration component (e.g. Srbulov,
2003b). For very steep slopes (cliffs, nearly vertical reinforced soil and anchored
slopes), neglecting of the vertical acceleration component could cause permanent
displacements to be underestimated by hundreds of times.

4.4.1.1 Comments of Shear Strain Rate Effects in Ring Shear

The results of tests on moist fine grained soil specimens at fast shear rates in ring
shear apparatus (e.g. Parathiras, 1995) indicate an increase of the shear strength with
shear rate in comparison with the strength at slow shear rate. This can cause ten-
times or more decrease in co-seismic permanent displacements in comparison with
the co-seismic permanent displacement caused by soil shear strength independent
of shear rate (e.g. Srbulov and Parathiras, 1995).
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Fig. 4.15 Average ± one standard deviation of co-seismic displacements of slopes and level
ground

Parathiras (1995), among others, reported on a decrease of the shear strength of
submerged fine grained soil at fast shear rates when tested in ring shear apparatus
and a periodic change in the height of the specimen with shearing even when the
gap between two rings was fixed. One possible explanation follows. The period of
change of the specimen height corresponds to the specimen circumference. Suppose
that an inclined shear zone forms because of the application of torque to the top
and bottom of the sample. A similar effect is observed in the hollow cylinder tests
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Side view of an inclined shear zone between two parts of a ring shaped specimen
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Fig. 4.16 Observed change of specimen height with horizontal displacement in the ring-shear
apparatus

(e.g. Saada et al., 1994). In the ring shear apparatus, the top and bottom parts of
a specimen could have thicker and thinner portions along the perimeter. Where
the top and bottom thicker portions coincide, the specimen height increases and
where the top and bottom thinner portions coincide, a gap opens. When the gap
opens, water is sucked into the specimen. Increased water content leads to softening
of the sample and hence to its shear strength decrease. The concept is shown in
Fig. 4.16.

Fearon et al. (2004) reported on tests on samples of London Clay sheared sub-
merged at a rate of 100 and 1000 mm/min with measurement of excess pore water
pressure at two opposite side of ring shear apparatus and showed both periodic
changes of pore water pressure with the increase of displacement and also a change
of sign of pore water pressure from positive (at the location of two thicker parts)
to negative (at the location of two thinner parts) and back. This indicates that the
inclined shear zone also rotates around the sample perimeter.

These considerations suggest that, because the test results are influenced by the
apparatus, the results cannot be considered reliable despite popularity of ring shear
device for testing of soil at fast shear rates and large shear displacements. A cylinder
shear apparatus in which the shear zone is vertical should be able to provide more
reliable results.

4.4.1.2 An Example of Calculation of Permanent Slope Displacement

Appendix A.4 contains an example of calculation of permanent co-seismic displace-
ment for a horizontal acceleration record shown in Fig. 6.11. When positive side
of the record is considered for a down slope movement, the calculated permanent
displacement of 37.1 cm corresponds to the critical acceleration 1.02 m/s2. When
the negative side of the record is considered the calculated permanent displacement
is 39.5 cm for the same critical acceleration.
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4.4.2 Post-Seismic Stage

The co-seismic permanent displacements of slopes are relatively small because of
short duration and alternating direction of earthquake pulses when the cyclic shear
strength of soil or the excess pore water pressure does not cause the factor of safety
of slope stability to decrease below 1. If it does fall below 1, then post-seismic
very fast and large permanent displacement of slopes occurs driven by gravity. The
moving mass gains momentum and comes at rest with the factor of safety greater
than 1. This factor of safety may further increase in time with the excess pore water
pressure dissipation and the increase of shear strength of soil.

Different theories exist to explain the increase of shear strength of soil in time
when the movement ceased (e.g. Tika et al., 1996; Stark et al., 2005). The most
likely reason seems to be that excess pore water pressure generated by shearing
dissipates, the effective stress increases causing an increase in shear strength. The
shear strength increase during the secondary consolidation stage may be caused by
soil grain slippage and interlocking with rotation of principal stresses, which occurs
when shearing stops.

When the inclination to the horizontal of the sliding block, an equivalent friction
angle along the block base and an average compressive stress on the block base is
determined according to Section 4.4.1 then it is not difficult to formulate two sliding
blocks model (Ambraseys and Srbulov, 1995, with permission from Elsevier) for the
analysis of post-seismic displacement, Fig. 4.17.

The block height hb is

hb = σ̄
ρ · g · cos θ̄

, (4.21)

where ρ is unit soil density, g is the gravitational acceleration. The initial block
length Lo is

−

δ

θδ+β

m1 g 

m2 g 
P

−−
⋅⋅⋅ tanφcosθ1 gm

Lo u1

u2

hb 

u3

bt 

Fig. 4.17 Two sliding block model for post-seismic stage (Ambraseys and Srbulov, 1995, by per-
mission of Elsevier)
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Lo = L ′ − bt = L ′ − hb

sin(θ̄ − δ)
, (4.22)

where L ′ is the length of the actual slip surface of any shape, bt is the initial width
of the base of the toe, δ is the angle of inclination to the horizontal of the base of
the toe. The angle of inclination of the interface to the horizontal β is determined
from the condition that the initial factor of safety for the two blocks is minimal. It is
assumed that the value of β does not change when the blocks slide. The initial block
mass m1 = Lohbρ, where ρ is unit soil density. The two sliding blocks model can
represent an actual sliding slope if the interface axial force P is equal to the average
of interface axial forces Nn+i shown in Fig. 4.1 and the interface shear displacement
u3 is the sum of all interface displacements �n+i (three of them shown in Fig. 4.5).

From the equations of motion of the two blocks (Appendix A in Ambraseys and
Srbulov, 1995), the equation of motion of the system is

d2u1

dt2
= C̄ · u1 + D̄

B̄ · u1 + Ā
, (4.23)

where the constants Ā to D̄ are functions of the geometry and properties of the
slope and toe materials. Equation (4.23) can be solved numerically to obtain the
acceleration, velocity and displacement of the block on the slope.

4.4.2.1 Case Study of the Movement of the Slip at Maidipo in China

Appendix A.5a contains an example of the back analyses of a translational slide
in China, which was not triggered by an earthquake, to test the model for purely
frictional soil. The example is reproduced from the paper by Ambraseys and
Srbulov (1995) with permission from Elsevier. The slide occurred in a natural slope
of mudstone, siltstone and shale at Maidipo, a cross section of which is shown in
Fig. 4.18.

92m

50m

69m

102°

12.5m

33°

Fig. 4.18 Sketch of the cross section of the translational landslide at Maidipo (Ambraseys and
Srbulov, 1995, by permission of Elsevier)
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There is no indication of pre-existing shear surfaces, except that the slide oc-
curred along the joints in rock. The water level in the slope is not known, and from
the brief description of the site it is assumed that the slope was dry. Zhongyou (1984)
reconstructed the sequence of sliding, and suggested that the slip occurred in four
stages, deduced from the fact that the slide material came to rest in four blocks. He
estimated that the whole sliding sequence lasted 2 minutes and the peak velocity of
the first block was about 28 m/s. The slide was probably triggered by the erosion or
submergence of its toe and softening of the mudstones. This may led to a progressive
loss of the toe support and the failure.

The geometry of the initial sliding block considered is shown in Fig. 4.18. As-
suming that the strength properties of the toe and slope materials were the same
(α = 1), that δ = 0, γ = 22 kN/m3 and c = 0, the observed displacement of
69 m corresponds to φ = 17.2◦ and β = 102◦ for the initial factor of safety Fo

of 0.6, calculated using φ = 17.2◦. The calculated duration T of the sliding ac-
cording the sliding block model was 12.7 s. The calculated maximum velocity and
acceleration of the motion are 8.55 m/s and 24% of the gravitational acceleration re-
spectively, and the final factor of safety Ff is 2.4. For the mobilized angle of friction
φ = 17.2◦ during the movement, the cohesion c required originally to maintain limit
equilibrium was 48.5 kPa. These values are close to the lower bound shear strength
parameters given by Zhongyou (1984) for the intact slope material as c = 50 kPa
and φ = 20◦. In conclusion, the two sliding blocks model provided meaningful
parameters of the slip at Maidipo.

Equation (4.23), with different constants Ā to D̄, is applicable to purely cohesive
soil with undrained shear strength cu or when an equivalent cohesion c̄ = σ̄ · tan φ̄

is used in the place of an equivalent friction angle φ̄. For purely cohesive soil and
when the constant B̄ = 0 i.e. when β = 90◦ − (θ + δ)/2, Equation (4.23) becomes
a linear differential equation with constant coefficients with a closed form solution
(Appendix A in Ambraseys and Srbulov (1995) with permission from Elsevier).

Displacements u1 = u2 = Ad · Bd · [1 − cos(pd ) · t)]

where

Ad = (1 − Fo) · ρ · g · hb · [Lo · sin θ̄ + 0.5 · bt · sin δ]

Bd = 1

ρ · g · hb · (sin θ̄ − sin δ) + c̄ · (α − 1)

pd =
√

ρ · g · hb · (sin θ̄ − sin δ) + c̄ · (α − 1)

ρ · hb · (Lo + 0.5 · bt )

F0 =
c̄ ·
[

Lo + α · bt + 2Rb tan
(

θ̄−δ
2

)]

ρ · g · hb · (Lo · sin θ̄ + 0.5 · bt · sin δ)

Velocities
du1

dt
= du2

dt
= Av · Bv · sin(pd · t)
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where

Av = (1 − Fo) · g ·
√

ρ · hb · (Lo · sin θ̄ + 0.5 · bt · sin δ)

Bv = 1
√[

ρ · g · hb · (sin θ̄ − sin δ) + c̄ · (α − 1)
] · (Lo + 0.5 · bt )

Accelerations
d2u1

dt2
= d2u2

dt2
= Aa · Ba · cos(pd · t)

where

Aa = (1 − Fo) · g · (Lo · sin θ̄ + 0.5 · bt · sin δ)

Ba = 1

Lo + 0.5 · bt
,

(4.24)

where most of the symbols used are shown in Fig. 4.16, t is time, ρ is soil unit
density, α is a proportion of c̄ or the real undrained cohesion cu of translational
slides along the base of the toe. The duration T of sliding is

T = π ·
√

ρ · hb · (Lo + 0.5 · bt )

ρ · g · hb · (sin θ̄ − sin δ) + c̄ · (α − 1)
(4.25)

The maximum slip umax at the time T is

umax = 2 · ρ · g · hb · (1 − Fo) · (Lo · sin θ̄ + 0.5 · bt · sin δ)

ρ · g · hb · (sin θ̄ − sin δ) + c̄ · (α − 1)
(4.26)

The final factor of safety Ff at time T is

Ff =
c̄ ·
[

Lo − umax + α · (bt + umax) + 2 · hb · tan θ̄−δ
2

]

ρ · g · hb · [(Lo − umax) · sin θ̄ + (0.5 · bt + umax) · sin δ
] (4.27)

The maximum velocity dumax
/

dt and acceleration d2umax
/

dt2 are

dumax

dt
= 0.5 · π · umax

T
d2umax

dt2
= 0.5 · π2 · umax

T 2

(4.28)

4.4.2.2 Case Study of the Movement of the Slide at Catak in Turkey

Appendix A.5b contains an example of the analysis of motion of the Catak slide
in Turkey. The example is reproduced from the paper by Ambraseys and Srbulov
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(1995) with permission from Elsevier. Genc (1993) concluded that there were
several factors that triggered the Catak landslide, including the presence of faults
and joints in deeply weathered marls, shales, tuffities, limestone and basalts. Also,
the natural slope was over steepened by the Macka river incision, and the removal
of material at the toe by road works on the Trabzon-Erzurum highway along with
prolonged heavy rainfall exacerbated by a spring may have acted as the triggering
mechanism for the mass movement. The speed of the slide is not known, but it was
such that it crushed a coffee house and vehicles parked alongside the highway at the
base of the hill, burying at least 66 people, including the operator of a road grader
who was trying to remove material that had fallen onto the road during earlier slip
movements. Sketch of the cross section of the Catak slide is shown in Fig. 4.19.

Because of the saturation of the slope, total strength analysis and an undrained
strength of the slope material are used. The computation can be performed using
the closed form solution with βo = 71◦, δ = 0, γ = 20 kN/m3. Assuming α = 1,
Equations (4.24) to Equations (4.28) predict that during sliding cu = 144 kPa with a
corresponding initial factor of safety Fo = 0.71, calculated using cu = 144 kPa. For
umax = 142 m, the final factor of safety Ff = 1.7. The duration of sliding T = 21 s
and the maximum velocity dumax dt−1 = 11 m/s, with a maximum acceleration
d2umax dt−2 = 16%g. For the initial stage of Fs = 1.0, the value of the cohesion
required initially to maintain limit equilibrium is cu = 203 kPa.

If the nonlinear numerical solution is used, the critical interface angle β = 97.5◦,
which is determined iteratively minimizing the initial factor of safety Fo. For the
observed maximum displacement umax = 142 m, it is calculated that during slid-
ing cu = 162 kPa, and that the initial factor of safety Fo = 0.8, calculated using
cu = 162 kPa. The duration of sliding T = 23.2 s, and the maximum velocity and
acceleration of the mass are 9.6 m/s and 15% g respectively, while the final factor
of safety Ff = 1.44. For an initial factor of safety Fs = 1, the corresponding initial
cu = 208 kPa.

The differences between the results obtained using the closed form, Equations
(4.24) to Equations (4.28), and the numerical solution, Equation (4.23), are not
great.

245m

72m

142m

38o

20m

97o

Fig. 4.19 Sketch of the cross section of the Catak slide (Ambraseys and Srbulov, 1995, by permis-
sion of Elsevier)
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4.5 Bouncing Ball Model of Rock Fall

Rodriguez et al. (1999) considered the effects of 36 earthquakes world-wide in the
period 1980–1997 and found that rock falls and disrupted soil slides (with internal
shear zones in addition to the main slip surface at the base) occurred in more than
80% of the cases considered. The rock mass involved was 3–5 m deep with depth
to length ratio of 0.15; the threshold of minimum local magnitude of an earthquake
that triggered rock falls was 5.5. However, the effects of rock falls are as important
as the triggering mechanism, Srbulov (2007a).

Hoek (2006) described the mechanics of rock falls and the main factors influ-
encing the falls. He mentions that the most important factor controlling the fall
trajectory is the geometry of the slope. In particular, steep slopes impart a horizontal
component to the path of a falling rock block and act as ‘ski-jumps’. Clean faces of
hard unweathered rock are most dangerous because they do not retard the movement
of the falling or rolling rock to any significant degree. The retarding capacity of the
surface material is expressed mathematically by a coefficient of restitution. Clean
surfaces of hard rock have high coefficients of restitution and low retarding capacity
while soil, gravel and completely decomposed rock have low coefficients of resti-
tution and higher retarding capacity. Other factors such as the size and shape of the
rock boulders, the coefficients of friction of the rock surfaces and rock breaking into
smaller pieces on impact are all of lesser significance than the slope geometry and
the coefficients of restitution, according to Hoek (2006).

Hoek (1986), among others, provided a simple rock fall simulation model. Most
of the rock fall models include a Monte Carlo simulation technique (Metropolis and
Ulam, 1949) for variation of parameters included in the analysis. The models are
based on an initial free fall of rock block. During earthquakes, rock blocks have an
initial acceleration (and velocity), which increases the distance of blocks travel and
their destructive capabilities. Such initial acceleration (and velocity) is considered
with a bouncing ball model of rock fall in this section.

A rock block (ball) will start moving when the acceleration of its base exceeds
the critical acceleration. Two basic triggering mechanisms are considered for calcu-
lation of the critical acceleration.

In sliding and rocking case (Fig. 4.20) and when only the horizontal acceleration
component of the base is considered, the critical acceleration in the horizontal di-
rection ach (positive down slope) is obtained from the equilibrium of forces acting
on the block

ach = g · tan(φ̄ − θ̄ ), (4.29)

where g is the gravitational acceleration, φ̄ is the friction angle in cyclic condition
at the base of the block, θ̄ is inclination to the horizontal of the block base. For the
rocking case, the angle of inclination to the horizontal of the block base is assumed
= φ̄ − θ̄ in order to be able to use the same equation for both modes of block
movement.
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Sliding Rocking

θ

θφ−θ

Fig. 4.20 Sliding and rocking modes of block movement

When the critical horizontal acceleration is calculated for a rock block it is inter-
esting to calculate the peak horizontal acceleration that could be caused by the earth-
quake source nearby. Rodriguez et al. (1999) plotted the graph of the combinations
of moment magnitudes and fault distances at which disrupted landslides occurred.
They suggested that such slides are as frequent as rock falls. The slides occurred
from the combination of Mw = 5.85 at the distance to fault projection on the surface
of 108 km to the combination of Mw = 7.8 at the distance to fault projection on the
surface of 80 km. Using Equation (3.6), the peak horizontal acceleration on rock
sites (SS = SA = 0) and from odd fault types (FN = FT = 0) could have been in
the range from 0.08 m/s2 to 0.93 m/s2 on average.

Ignoring air resistance, the equations for the horizontal distance x , the vertical
distance y (positive upwards) and the velocity v of an object movement through air
in time t is (e.g. Gieck and Gieck, 1997)

x = vo · t · cos βrf

y = vo · t · sin βrf − g · t2/2

v =
√

v2
o − 2 · g · y,

(4.30)

where vo is the initial velocity of the object along the trajectory, βr f is the angle
(positive upwards) with the horizontal at the beginning of the movement, g is the
gravitational acceleration. The angle βr f can be estimated from the ratio between the
vertical and horizontal component of the base acceleration. It is assumed that such
ratio at any time corresponds to the ratio of the peak componential accelerations.
The peak horizontal component is defined by Equation (3.6), or equivalent, while
the peak vertical acceleration is defined, for example, by Equation (3.8).

The earthquake motion is complex and contains a range of frequencies. As al-
ready mentioned in Section 2.5, Seed et al. (1975) developed the concept of an
equivalent number of significant stress cycles to represent an irregular time history
of shear stress by a uniform series of harmonic stress cycles. For a harmonic load,
the horizontal acceleration ah

ah = ap,h · sin

(
2 · π

T
· t

)
, (4.31)
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where ap,h is the peak horizontal base acceleration from Equation (3.6) or equiva-
lent, T is the period of the equivalent harmonic motion, t is time. For the critical
horizontal acceleration in sliding or rocking ach , the corresponding time according
to Equation (4.31) is

tach = T

2 · π
· arcsin

(
ach

ap,h

)
(4.32)

The horizontal base velocity vh is obtained by integration in time of the horizontal
base acceleration from Equation (4.31)

vh = ap,h · T

2 · π
·
[

1 − cos

(
2π

T
· t

)]
(4.33)

Combining Equations (4.31) and Equations (4.33) it follows

vh = ah · T

2 · π
·

1 − cos

(
2 · π

T
· t

)

sin

(
2 · π

T
· t

) (4.34)

When the critical horizontal acceleration in sliding or rocking ach from Equation
(4.29) at the time tach from Equation (4.32) is used in Equation (4.34), the slant
initial velocity vo of block motion is

vo = ach · T

2 · π · cos β
·

1 − cos

(
2 · π

T
· tach

)

sin

(
2 · π

T
· tach

) (4.35)

The predominant period T of base ground motion varies widely (Fig. 2.8) and
therefore a range of its values needs to be considered in the calculation.

The calculation, based on Equation (4.30), is performed in small time increments
using the spread sheet given in Appendix A.6. A constant check is performed if the
block trajectory has crossed the terrain topography. If such crossing occurred then
the angle of impact is calculated as a difference between arc tan (−�y�x−1) and
αl , where �y and �x are the incremental vertical and horizontal distance along the
block trajectory just before the impact and αl is the local angle of inclination to the
horizontal at the impact place. It is assumed that the angle of bounced block from
the place of impact is the same as the angle of the impact. However, the velocity
of the bounced block will be different from the velocity before the impact due to
energy loss at the impact.

It is possible that a falling block turns to rolling mode of motion over gently
inclined surfaces. Rolling motion is usually slower and shorter than free fall and
therefore usually of smaller significance than rock fall, analyzed in this section. It
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is possible that a rock block crushes on impact with its base and continues as a
rock avalanche (e.g. Wieczorek et al., 2000). The analysis of rock avalanches is
considered in Section 4.6.

The velocity vout of bounced block is determined from the equation of energy
equilibrium

m · vin
2

2
= m · vout

2

2
+ Eloss, (4.36)

where m is the block mass, vin is the incoming velocity of the block, Eloss =
mar cos[arctan(−�y�x−1) − αl]δp is the energy loss due to plastic deformation
δp of the base in direction perpendicular to the impact surface, vout is the outgoing
velocity of the block, ar is the block acceleration just before the impact, �y and
�x are the incremental vertical and horizontal distance along the block trajectory
just before the impact and αl is the local angle of inclination to the horizontal at
the impact place. The block penetration δp into the impact surface follows from the
geometry of an equivalent ball shown in Fig. 4.21.

δp = R −
√

R2 − B2
b

/
4. (4.37)

where R is the radius of an equivalent ball, Bb is the width of the equivalent ball
penetration. The width Bb is determined by equalizing the axial component Pf of
block impact force (Fig. 4.20) with ground resisting force Fg to such penetration.
For fine cohesive soil (clay) and surface blocks, ground resisting force Fg is (e.g.
Eurocode 7-1, Annex D, 2004)

Fg = (π + 2) · cu · 1.2 · ic · Bb
2 · π

4

ic = 1

2
·

⎛

⎜⎜
⎜
⎝

1 +
√√√
√√

1 − T f

Bb
2 · π

4
· cu

⎞

⎟⎟
⎟
⎠

T f = m · ar · cos

[
arctan

(−�y

�x

)
− αl

]

Pf = m · ar · sin

[
arctan

(−�y

�x

)
− αl

]
,

(4.38)

where m is the block mass, ar is the block acceleration just before the impact, cu is
soil cohesion in undrained condition adjusted for the rate effect, Bb is the width of
equivalent ball penetration, �y and �x are the incremental vertical and horizontal
distance along the block trajectory just before the impact, αl is the local angle of
inclination to the horizontal at the impact place, T f and Pf are the transversal and
axial component of the impact force shown in Fig. 4.21.

For coarse frictional soil (sand and gravel) and surface blocks, ground resisting
force Fg is (e.g. Eurocode 7-1, Annex D, 2004)
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Fig. 4.21 Basic parameters
on equivalent ball impact
upon a surface
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Fg = 0.5 · γsoil · Bb · Nγ · 0.7 · iγ · Bb
2 · π

4
Nγ = 2(Nq − 1) · tan φ

Nq = eπ ·tan φ · tan2
(

45◦ + φ
/

2
)

iγ = (1 − T f /Pf )5/ 2

T f = m · ar · cos

[
arctan

(−�y

�x

)
− αl

]

Pf = m · ar · sin

[
arctan

(−�y

�x

)
− αl

]
,

(4.39)

where m is the block mass, ar is the block acceleration just before the impact, γsoil

is the unit weight of soil, φ is the angle of soil internal friction, �y and �x are the
incremental vertical and horizontal distance along the block trajectory just before
the impact and αl is the local angle of inclination to the horizontal at the impact
place, Bb is the width of equivalent ball penetration, T f and Pf are the transversal
and axial component of the impact force. For rock bases it is assumed that there will
be no energy loss.

The calculations for following case histories are given in Appendix A.6.

4.5.1 Case Study of Bedrina 1 Rock Fall in Switzerland

Bozzolo et al. (1988) used two mathematical models SASS and MASSI, which
simulate the planar motion of an ellipsoidal rock down a mountain side, to back
analyze the Bedrina-1 rock fall. SASS accounts for sliding, rolling, impact and free
flight of an individual rock, while MASSI considers free flight and impact only.
Bozzolo et al. (1988) concluded that SASS seemed to better predict maximum
run-out distances while MASSI was advantageous for the estimation of the heights
of free flight on rocky ground. They also used three cameras to record block
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movements down the slope during the field tests. The observed block movements
were different at each trial which may indicate a chaotic nature of the movement i.e.
unrepeatable and unpredictable outcomes of the event.

In the Bedrina-1 area, a 10 m3 boulder (equivalent ball radius 1.3 m) had crashed
through the highway path, which cross section is shown in Fig. 4.22.

In this case, the slope is considered made of rock while the highway path is con-
sidered made of gravel because of the presence of the road base and sub-base layers.
Also, the two horizontal natural shelves at elevation –4 and –6.66 m are considered
to have some talus deposit of gravel type. Assumed gravel properties are φ = 35◦

and γsoil = 20 kN/m3. Assumed rock unit weight = 25 kN/m3. Assumed initial
velocity of 0.1 m/s and its inclination to the horizontal of −45◦ were sufficient to
trigger a rock fall. The results are shown in Fig. 4.22. Computed velocity of the
impact with the highway = 50 m/s and the penetrations of the equivalent ball into
gravel at el. –4 m and –133.3 m were 1.3 m. This is a rather large penetration and is
not in agreement with the assumption used in Equation (4.39) about a surface block.

Fig. 4.22 Bedrina 1 rock fall
parameters (Srbulov, 2007a,
by permission of Patron
Editore)
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However, practical formulae for spherical footings penetrating to different depths
are not widely available.

It should be mentioned that the rock block acceleration does not exceed the grav-
itational acceleration and therefore the impact force does not exceed the rock block
weight. However, the energy stored into a rock block on impact is proportional to
the square of the impact velocity. It is the inability of rock block to compensate for
such impact energy internally that can lead to rock crushing.

4.5.2 Case Study of Shima Rock Fall in Japan

Ushiro et al. (1999) described a rock fall of approximately 2.6 m×1.3 m×1.8 m size
(the equivalent radius of a ball of 1.1 m), which hit a car running on the Toyo-Yasuda
road at 7:50 a.m. on 2 March 1996. The driver was injured and died later in hospital.
The cross section of a possible path of rock fall is shown in Fig. 4.23.

The surface of the ground consists of sandstone and shale. There are many trees
and boulders of 0.5 m to 0.8 m size along the slope. Many scars, splits and shearing
were found on the trees along the path. The scars on the tree logs were located less
than 1 m above the ground surface. Six depressions were found along the slope. Four

Fig. 4.23 Shima rock fall
parameters (Srbulov, 2007a,
by permission of Patron
Editore)
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of them were above the highway level. The props of a guard fence installed along
the side of the road were pushed into the ground 13 cm by the rock fall.

Assumed rock unit weight = 25 kN/m3. Assumed initial velocity of 0.1 m/s and
the velocity inclination to the horizontal of 0◦ were sufficient to trigger a rock fall.
The results are shown in Fig. 4.23. Computed velocity of the impact with the car is
39 m/s, leaving no chance to the driver to avoid it.

Parametric analysis shows that the rock size is not of great importance for its
travel path. If the rock fall started from a different place or the slope surface was
covered by soil then the rock fall trajectory would have been different. Hoek (2006)
stated that the slope geometry and the coefficients of restitution are the most impor-
tant factors for rock falls.

4.5.3 Case Study of Futamata Rock Fall in Japan

Ushiro et al. (1999) described a rock fall of approximate 1 m × 0.7 m × 0.55 m
size (the equivalent radius of a ball of 0.45 m), which hit a pickup truck running

Fig. 4.24 Futamata rock fall
parameters (Srbulov, 2007a,
by permission of Patron
Editore)
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on the Toyo-Yasuda road at 8:20 a.m on 11 August 1988. The boulder killed the
driver’s wife. The diver was seriously injured and hospitalized for 2 months. The
cross section of a possible path of rock fall is shown in Fig. 4.24.

The slope consists of sandstone and shale and is covered with 1 m to 2 m thick
talus. There were many 0.3 m to 0.5 m size boulders on the slope. Most scars on
the trees were made within 1.1 m above the ground except the last tree next to the
road which was hit at 2 m above the ground. Ushiro et al. (1999) estimated that
the boulder initially rolled or slid on the slope, then jumped and bounced on the
retaining wall adjacent to the road and finally hit the roof of the pickup.

Assumed rock unit weight = 25 kN/m3. Assumed initial velocity of 0.1 m/s and
its inclination to the horizontal of 0◦ were sufficient to trigger a rock fall. The results
are shown in Fig. 4.24. Computed velocity of the impact with the pickup is 29 m/s,
leaving no chance to the driver to avoid it.

The probability of collision between a falling rock and a car is rather small.
Despite such a small probability, the fatal event happened. Therefore, a probabilistic
approach is not appropriate for individuals but only for a larger number of events
considered by insurance companies and authorities. There is also a question of re-
liability of estimated probability. If rock collision events are chaotic in nature then
only the extreme values of the rock velocity, jump height and fall distance could
be reliable but not particular results, which affect probability assessment if used to
assess hazard of rock fall.

4.6 Simplified Model for Soil and Rock Avalanches, Debris
Run-Out and Fast Spreads Analysis

Keefer (1984) found that rock avalanches are uncommon but soil avalanches abun-
dant and that they are triggered by the earthquakes with large magnitudes, about
6.5. Because of very high speed of avalanche propagation and large volume of
ground mass involved, the effect of their impact is devastating. For example, Vil-
lages of Yungay and Ranrahirca in Peru were buried by a giant avalanche in the
1970 Peruvian earthquake (e.g. Kramer, 1996). The ground movement involved 50
million cubic meters of material that covered an area of about 8000 square kilo-
meters. About 25000 people were killed by the avalanche. Rodriguez et al. (1999)
confirmed Keefer’s (1984) findings concerning triggering of ground movements by
earthquakes. However, the evaluation of the travel distance, moving mass accelera-
tion and volume involved are also very important for the estimation of hazard caused
by avalanches (Srbulov, 2007b).

A number of techniques exist for assessment of very fast ground movements
involving avalanches, debris run outs and flow spreads.

� Analytical and numerical methods. Srbulov (2005a), for example, used a sim-
ple rolling cylinder model for calculation of distance of fast flow failures induced
by sand liquefaction; McDougall and Hungr (2004, 2005) used a continuum
model based on Lagrangian solution of the equations of motions and Hungr’s
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(1995) numerical model of unsteady flow; Havenith et al. (2003) used the dis-
crete element method-UDEC; Srbulov (2003c) used a flow model for the anal-
ysis of possibility of the fast damage propagation through marine soil offshore
Newfoundland; Chen and Lee (2000) used Lagrangian Galerkin finite element
method; Sousa and Voight (1991) used an unsteady continuous flow model of an
incompressible biviscous fluid; Hutchinson (1986) used a lumped mass model
involving friction and pore water pressure dissipation).

� Empirical and statistical methods. McClung (2001), for eample, used least
square regression analysis and a Gumbel distribution based on data from Norway,
the United States and Canada; Fannin and Wise (2001) applied an empirical-
statistical method using forensic observations of post-logging landslide activity
on the Queen Charlotte Islands, British Columbia; Finlay et al. (1999) used mul-
tiple regressions based on slope geometries in Hong Kong; Ambraseys (1988)
compiled worldwide data from shallow earthquakes to estimate a limiting epi-
central distance beyond which liquefaction has not been observed in earthquakes
of different magnitudes.

� Laboratory testing of small scale models. McDougall and Hungr (2004),
for example, used two-plains model for coarse granular material, Davies and
McSaveney (2002) used silica sand dropped onto a 45◦ inclined slope, Moda-
ressi et al. (1999) used centrifuge testing; Eckersley (1990) analyzed fast flow
movements of coal fines.

While numerical methods tend to be general they require the use of proprietary
software and a number of non-conventional ground parameters which must be as-
sessed or assumed a priori by the user. Empirical and statistical methods are based
on limited data sets and their use is often limited to specific cases. Laboratory
methods can be limited by scaling laws, which sometimes cannot be all fulfilled
simultaneously, and by available facilities for testing.

A simplified model described in this section for analysis of fast ground move-
ments is based on the equations of motion, mass and energy balances and on con-
ventional ground parameters. The model capability is checked for a number of case
histories involving a rock avalanche, debris run-out and fast flow spread.

4.6.1 Equation of Motion

The equation of motion of a ground mass down slope between two vertical cross
sections (Fig. 4.25) is:

m ·a = m ·g ·sin β −τb · Ab + (τu · Au −τd · Ad ) ·sin β + (σu · Au −σd · Ad ) ·cos β,

(4.40)
where m is moving mass between two vertical cross sections, a is the mass acceler-
ation, g is the gravitational acceleration, β is the base inclination to the horizontal
between two cross sections, τb is the average shear stress at the base and sides, Ab is
the area of the mass contact with the base and sides, τu, τd are the average vertical
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Fig. 4.25 Two vertical cross sections (shaded and with thick dotted line) through a mass movement

shear stresses acting on the upstream and downstream vertical cross sections of
the mass, Au , Ad are the upstream and downstream vertical cross section areas,
σu , σd are the average horizontal compressive stresses acting on the upstream and
downstream vertical cross sections of the mass.

The initial triggering mass mi and acceleration ai can be estimated from limit
equilibrium slope stability analyses, which are described in Section 4.2. The initial
peak acceleration ai can also be estimated from a number of attenuation relation-
ships, such as given in Equations (3.6) and Equations (3.7). The effect of topogra-
phy on the triggering peak ground acceleration can be significant as described in
Section 3.3.4. The effect of acceleration amplification by ridges can be taken into
account by adding a part or number of the standard deviations to the average values
of accelerations.

The shear stress τ in Equation (4.40) is calculated using the stress-strain rela-
tionship for a Kelvin-Voigt (K-V) solid in shear (i.e. material whose resistance to
shearing deformation is the sum of an elastic part and a viscous part) instead of
other possible stress-strain relationships such as frictional, plastic, Bingham etc.
(e.g. McDougall and Hungr, 2004). The reason for choosing K-V model is that it
represents a whole range of soil states from solid (small shear strain and its rate) to
liquid (large shear strain and its rate) and that the model parameters can be defined
based on soil index properties. The model is extensively used for the analysis of one
dimensional propagation of shear waves in layered ground with the computer pro-
gram SHAKE (Schnabel et al., 1972). The stress-strain relationship for K-V model
is given in Equation (3.12). For mass movement, it is considered that shear stress
reversal occurs at grabens and valleys across which mass moves so that the fre-
quency of stress reversal is considered proportional to the ratio between the velocity
of mass movement and distances of graben’s peak and valley’s trough. The rela-
tionships for shear modulus and damping ratio used in Equation (3.12) are given in
Section 2.2.1.
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Fig. 4.26 Definition of
average shear strain γ within
moving mass (Srbulov,
2007b, by permission of
Patron Editore)

Δx 

Δz 

Average shear strain γ ~ ½ |Δz/Δx|

Vertical longitudinal section

hs 

Shear strain is very large at the contact of moving mass and its base and sides
which implies that the corresponding shear modulus is very small according to
Equation (2.3). In order to consider realistic values, the sum of G ·γ and η ·�γ ·�t−1

in Equation (3.12) is limited to the value of shear strength of moving coarse-grained
material or the cohesion in undrained condition of fine grained material (with par-
ticles diameter less than about 0.005 mm). An average shear strain within moving
mass is taken equal to a half of the ratio between the change of thickness �z of
moving mass and the horizontal length �x over which it has been achieved as shown
in Fig. 4.26.

The average shear strain rate in time �γ �t−1 is considered proportional to the
average velocity vm of moving mass over the distance �x , �γ �t−1 = (γd − γu)
[�x(vm)−1]−1 = (γd − γu)(vm)(�x)−1. The initial mass velocity can be determined
from a number of attenuation relationships, eg. Equation (3.9), taking into account
the effect of topography. The effect of velocity amplification by ridges can be ac-
counted for by adding a part or number of the standard deviations to the average
values of velocities.

The average compressive stress on the vertical cross section of moving mass is
calculated following Rankine (1857) as:

σu,d = 1
/

2 · ρ · g · hs · tan2

(
45◦ − φ

2

)
, (4.41)

where ρ is the mass density, g is the gravitational acceleration, hs is depth below
surface, φ is the friction angle in cyclic condition, Section 2.4.

4.6.2 Mass Balance

The initial cross section area of moving mass is considered equal to the cross section
area of the triggering slide at the beginning of movement. The cross section area of
moving mass along the travel path is considered dependent on the base widths and
the slopes of the terrain perpendicular to the travel path, which must be defined.
During large movements soil and rock are loosened and sometimes broken down
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Fig. 4.27 Compact and
bulked-up rock mass

leading to bulking-up, Fig. 4.27. According to Horner (1981), for example, the bulk-
up of sand and gravel is 10–15%, clay 20–40%, loam/peat/topsoil 25–45% and rock
30–80%. The change of the initial volume is taken into account approximately in
the simplified analysis.

Entrainment of material along travel path is an important feature of many rapid
ground movements (e.g. McDougall and Hungr, 2005). It is assumed in the sim-
plified model that the material entrainment occurs when shear stress acting on the
ground present along travel path is greater than the shear strength of this material;
deposition occurs when shear strength of base material is greater than acting shear
stress. For this reason, the shear strength of base material together with the maxi-
mum depth of scour need to be estimated along expected avalanche path.

Hungr and Morgenstern (1984) found slight rate dependence of shear strength
of sand. However, the shear strength of soil, rock fill and rock is strongly depen-
dent on compressive stress (e.g. Maksimovic, 1989a to 1996b). Soil shear strength
non-linearity should be taken into account when assessing the initial (in)-stability of
a mass by limit equilibrium method. Hoek (1983) and Maksimovic (2005) showed
that decrease in the calculated factors of safety of slope stability using limit equi-
librium method and linear or non-linear shear strength criteria could be as high as
30%. Similar reduction of the calculated factor of safety of slope stability based on
the peak soil shear strength can be expected in brittle soil that exhibit significantly
smaller residual shear strength in comparison with its peak shear strength and pro-
gressive type of failure (e.g. Srbulov, 1997). Additional difficulty is estimation of
excessive pore water pressure caused by earthquake shaking.

Davies and McSaveney (2002) considered that rock fragmentation lead to higher
than normal internal pressures and the longer run out. However, rock fragmentation
causes energy loss of a moving mass and therefore should cause shorter run dis-
tances. It is important that the material used for small scale laboratory tests has an
appropriate frictional angle corresponding to the frictional angles of real material at
high confining pressures.

4.6.3 Energy Balance

The shear strain rate in Equation (3.12) is assumed proportional to the velocity of
mass movement. The velocity of mass movement is estimated from the equation of



112 4 Slope Stability and Displacement

energy balance. The sum of potential and kinetic energy of a moving mass and the
energy loss along travel path is constant

m · g · zm + m · v2

2
+ 4 · π · �(Ws · ξ ) = const. (4.42)

where m is the mass per unit length of travel path, g is the gravitational acceleration,
zm is the datum above the mass at rest position, v is the mass velocity, Ws is the
strain energy, ξ is the damping ratio according to Equation (2.3), and � is the sum
of energy loss over a travel path.

Ws = 1

2
· G · γ 2 · V, (4.43)

where G is the shear modulus, γ is the shear strain, V is the volume of the moving
mass along travel path. The mass velocity is calculated at cross sections with known
elevation above the datum.

The mass velocity is calculated independently from the mass acceleration accord-
ing to Equation (4.40). Nevertheless, the first derivative in time of the mass velocity
should correspond to the mass acceleration as close as possible. There will be some
difference because the mass acceleration is calculated between sections and mass
velocity at the sections.

The mass movements considered in Appendix A.7 were not triggered by earth-
quakes but are used because of lack of data about the cases triggered by earthquakes.

4.6.3.1 Case Study of Pandemonium Creek Rock Avalanche
in British Columbia

Evans et al. (1989) described and analyzed by Korner’s (1976) dynamic model
the Pandemonium Creek rock avalanche, which is located at 52◦01′N, 125◦46′W
in the southern Coast Mountains of British Columbia, about 80 km southeast of
Bella Coola. In 1959, a rock spur became detached from the headwall of a cirque
near Pandemonium Creek due to an unknown reason. Approximately 5 × 106m3 of
blocky, gneissic quartz diorite debris traveled about 9 km along a highly irregular
path, descending a vertical distance of 2 km to the valley of South Atnarko River.
The high mobility of the rock avalanche is manifested by super elevation range from
35 to 70 m in valley bends, a major run-up up to 335 m high, and two right-angle
changes in flow direction, one down Pandemonium Creek and the other down South
Atnarko River. The avalanche traveled over a glacier below the detachment zone
from el. 2275 m to el. 1820 m, became constricted between two prominent lateral
moraines along the path and most of it came to rest on the upper part of a fan at the
mouth of Pandemonium Creek although one lobe traversed the fan and entered Knot
Lakes, where it generated displacement waves that destroyed trees along the shore.

There are vertical aerial photographs of the site both before and after the event.
A 1:5000 scale (contour interval 5 m) topographic map of the path, prepared from



4.6 Model for Soil and Rock Avalanches, Debris Run-Out 113

aerial photographs flown in 1965, is used together with the field examination. An
inspection of the air photos taken prior to the landslide and observations in the field
indicate that the spur extended from el. 2625 m to el. 2275 m, it was approximately
175 m wide and 75 − 100 m thick. No earthquakes are known to have affected the
area in 1959 and there were no major storms in July 1959. Unmodified debris on
the Pandemonium Creek fan is poorly sorted and comprises angular to sub-rounded
blocks (a few 10 − 15 m across and 30 − 500 m3 in volume), boulders, and gravel,
with only small amounts of sand and silt. No other properties of the material are
provided in the paper by Evans et al. (1989) except the dynamic friction coefficient
range 0.0025 − 0.186 and the turbulent resistance coefficient range 0 to 2000 m/s2

used for parametric analyses by Korner’s (1976) method. Discontinuous deposition
took place on the glacier surface; some debris, including blocks up to 9 m size, re-
mains in the upper travel path below the glacier; small amounts of debris are present
in the run-up zone (one isolated block about 10 m size lies 50 m below the upper
limit of the run-up zone). In its passage down Pandemonium Creek, the avalanche
probably entrained some colluvial and glacial sediments; as well as probably some
of the fan material in the run-out zone. Much of the debris was deposited on the fan
in lobes with steep fronts up to 20 m high.

The longitudinal profile along the travel path is shown in Fig. 4.28 while the
base widths along travel path together with an average inclination of ground surface
perpendicular to the travel path are given in Appendix A.7.

The run-up along the slope above the junction with Pandemonium Creek is fol-
lowed by run-down along the slope and down Pandemonium Creek and run-out
over the fan and Knot Lakes shore. The friction angle of moving mass is assumed
equal to 25◦, which corresponds to the upper bound value in cyclic condition for
medium dense sand according to Srbulov (2005a). The exceptions are the location
of Pandemonium Creek fan and Knot Lake shore where the friction angle is assumed
equal to 5◦, due to likely presence of fine graded water saturated soil.

The constants γr1,
/

a,
/

k, ξmin for moving mass are taken from Table 2.1 as for
Tertiary and older deposits with PI = 0 and for a mixture of the moving mass and
the fan material as for Quaternary deposits with PI = 0. Moving mass unit density
is assumed 2000 kg/m3 and the shear wave velocity 205 m/s, with the exception of

0

1000

2000

3000

0 1000 2000 3000 4000 5000 6000 7000 8000 9000

Distance (m)

E
le

va
tio

n 
(m

) 
 .

Fig. 4.28 The vertical cross section considered along the path of the Pandemonium Creek
avalanche (Srbulov, 2007b, by permission of Patron Editore)
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Fig. 4.29 The mass velocity and acceleration along the path of the Pandemonium Creek avalanche
from the elementary model (Srbulov, 2007b, by permission of Patron Editore)

the location of Pandemonium Creek fan and Knot Lake shore where the shear wave
velocity is assumed to be 100 m/s.

The calculated velocity and acceleration of moving mass along the avalanche
path are shown in Fig. 4.29. From this figure it follows that the maximum calculated
velocity is 164 m/s. This peak velocity is in reasonable agreement with the upper
bound peak velocity of about 130 m/s considered by Evans et al. (1989).

4.6.3.2 Case Study of Shum Wan Road Debris Run-out in Hong Kong

Chen and Lee (2000) used Lagrangian Galerkin finite element method with a
lumped mass matrix, a volume-weighted procedure and the method of least squares
approximation for smoothing and enhancement of stability and efficiency of the
numerical scheme to determine the nodal velocity and depth of a moving mass.
They applied the method to Shum Wan Road debris run-out, which occurred during
a heavy rainstorm, in Honk Kong on 13 August 1995. The debris was initiated as a
landslide around the Nam Long Shan Road at elevation 75 mPD, crossed the Shum
Wan Road at el. 5 mPD, damaged three shipyards and a factory near the seafront,
and resulted in two fatalities and five injuries. The initial landslide involved about
26000 m3 of soil and rock of which about a half remained on the hillside surface, and
the other half was deposited on the reclaimed land at the bottom of the slope. The
initial slide was up to 12 m deep and about 50 m wide while the debris run-out was
about 90 m wide above Shum Wan Road. The released debris comprised mainly
very soft or loose fluvial deposit of clay, silt, sand, gravel, and some cobles and
boulders. Soil tests indicate that the clay seam along the initial landslide surface
has an effective angle of friction of 22◦. It has been concluded that the presence
of clay seam and the ingress of water during prolonged heavy rainfall principally
contributed to the failure.

The longitudinal section along a rather straight path of debris run-out is shown
in Fig. 4.30 and the basic data in Appendix A.7.

Moving mass unit density is assumed 1800 kg/m3 and that an average inclination
to the horizontal of terrain perpendicular to the travel path is 45◦. The constants γr1,
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Fig. 4.30 The vertical cross section considered along the path of the Shum Wan Road debris run-
out (Srbulov, 2007b, by permission of Patron Editore)
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Fig. 4.31 The mass velocity and acceleration along the path of the Shum Wam Road debris run-out
from the elementary model (Srbulov, 2007b, by permission of Patron Editore)

/

a,
/

k, ξmin for moving mass are taken from Table 2.1 as for Quaternary deposits with
PI = 15. The friction angle within moving mass is assumed 20◦.

The calculated velocity and acceleration of moving mass along the debris path
are shown in Fig. 4.31. From this figure it follows that the maximum calculated
velocity is 40 m/s. This peak velocity is greater than the maximum nodal velocity
of about 14.4 m/s according to Chen and Lee’s (2000) numerical model. The actual
velocity is not known.

4.6.3.3 Case Study of Coal Mine Waste Fast Spread at Aberfan in Wales

Hutchinson (1986) used a lumped mass sliding-consolidation model for an analysis
of a fast spread of loose, cohesionless coal mine waste at Aberfan in 1966. The
spread developed in a 67 m high tip of loose coal mine waste, consisting mainly
of Carboniferous mudstones with some coal, deposited on a hillside of about 12◦

inclination. The foundation of the tip consisted of a layer of Late Pleistocene Head
deposit, mainly silty clay solifluction debris several meters thick. The fast spread
was preceded by a number of rotational slips and the removal of fines from its toe
by seepage erosion, which was deposited as a sheet of slurry on the slopes below
the tip toe.

The spread traveled quickly in several “black waves” down slope about 275 m
before division into a north and south lobe. The northern lobe was smaller and came
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to rest after a further travel of approximately 125 m, when its toe reached the low
embankment of the old Glamorgan canal. The larger southern lobe reached this em-
bankment after a further travel of about 150 m and had sufficient speed to override
both this and the embankment of the dismantled railway, which were contiguous at
that place, and to continue into the village of Aberfan for an additional 175 m, caus-
ing 144 deaths. The initial width of the spread run-out was 90 m and of the southern
lobe about 130 m. The average thickness of the northern lobe was about 1.2 m and of
the southern lobe about 2.0 m. Estimated the average speed of the spread , based on
the account of eye-witnesses, was probably between 4.5 and 9.0 m/s and its maxi-
mum speed when it reached about 1 m high embankment between 11.2 and 13.5 m/s.
The average bulk unit weight of the eastern part of the tip remaining after the failure
was about 17.3 kN/m3 and the Standard Penetration Test blow count corrected for
effective overburden pressure ranged from 4 to 15 down to a depth of 10 m. The
wide grading of the material involved, with the uniformity coefficient of about 18,
can be classified as silty sandy gravel. This can explain the average friction angles
of 39.5◦ in drained condition and 41.5◦ in undrained conditions obtained by triaxial
compression tests on samples from the remaining part of the tip. A value of drained
residual shear strength measured in the laboratory on a smear of fine material from
the slip surface was as low as 17.5◦.

The longitudinal section along a rather straight path of fast spread is shown in
Fig. 4.32 and the basic data in Appendix A.7.

Moving mass unit density is assumed 1700 kg/m3 and that an average inclination
to the horizontal of terrain perpendicular to the travel path is vertical. The constants

γr1,
/

a,
/

k, ξmin for moving mass are taken from Table 2.1 as for Quaternary deposits
with PI = 0. The friction angle in cyclic condition within moving mass is assumed
15◦ and shear wave velocity 100 m/s. The “black waves” are modeled as change in
the spread thickness along the travel path. The effect of obstruction by buildings in
Aberfan is modeled as soil entrainment.

The calculated velocity and acceleration of moving mass along the debris path
are shown in Fig. 4.33. From this figure it follows that the maximum calculated
velocity is 41 m/s. This peak velocity is greater than the maximum nodal velocity of
about 13.5 m/s according to the eye witnesses in Aberfan. This comparison suggests
that the simplified model may provide an upper bound value of the mass velocity.
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Fig. 4.32 The vertical cross section considered along the path of the fast spread at Aberfan
(Srbulov, 2007b, by permission of Patron Editore)
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Fig. 4.33 The mass velocity and acceleration along the path of the fast spread at Aberfan from the
elementary model (Srbulov, 2007b, by permission of Patron Editore)

4.7 Summary

Several types of slope failures and ground displacements are considered in this sec-
tion:

� Among sliding type slope failures, brittle failures are most problematical be-
cause they are fast and leave no time for remediation measures and in some
cases for people to escape. Simplified analysis of stability of slopes in brittle soil
and rock is possible using an extended limit equilibrium method described in
Section 4.2.1.

� Reversible ground slope displacement, considered in Section 4.3, occurs when
the inertial forces induced by ground motion do not cause exceedance of ground
shear strength, triggering of slope failure, or irreversible slope movement.

� Permanent co-seismic displacement of failed slopes can be estimated using slid-
ing block method and charts shown in Section 4.4.1. The charts are applicable
to rigid ground with distinct slip surfaces and soil shear strength independent on
slip rate and displacement.

� Post-seismic sliding may follow co-seismic stage if the ground shear strength
necessary to maintain slope stability in static condition is decreased during earth-
quake by excess pore water pressure build-up or because of decrease of soil
shear strength to its residual value. Two-sliding blocks method for analysis of
post-seismic slope slip is described in Section 4.4.2.

� Rock falls are among most frequent and the fastest ground movements. Because
of relatively small size of falling rock blocks, the effect of rock falls is important
mainly for the individuals involved. Deterministic model of rock falls described
in Section 4.5 can easily be used for parametric analyses of rock falls.

� Avalanches are relatively rare but have devastating consequences to the commu-
nities located on their path. Simplified model of avalanches, debris run-out and
fast spreads, described in Section 4.6, can be used for estimation of the impact
forces on barriers and of the height of such barriers to prevent jump-over of
extremely rapid and massive ground movements.



Chapter 5
Sand Liquefaction and Flow

5.1 Introduction

Soil liquefaction frequently occurs when water saturated loose sandy soil is strongly
loaded with prevented water drainage so that induced excess water pressure equals
earth pressures. Strength of sandy soil is proportional to the difference between earth
pressure and excess water pressure. When excess water pressure becomes equal to
the acting earth pressure, soil shear strength decrease to zero and it behaves like a
fluid i.e. liquefies.

Various definitions of liquefaction have been proposed over the years (eg. Castro,
1969; Vaid and Chern, 1985).

Obermeier (1996) listed cases of soil liquefaction, which have not been caused
by earthquakes. Among other factors causing liquefaction are rapid sedimentation
and loading, artesian conditions, slumping, chemical weathering and periglacial en-
vironment.

Under high confining pressure, soil does not liquefy but looses a great portion of
its shear strength due to excess pore water pressure built-up as shown in Fig. 5.1.
Mobilized shear resistance of sand is mainly dependent on the magnitude of axial
effective stress and shear displacement. Increased axial effective stress (by drainage
for example) and decreased shear displacement (by confinement for example) im-
prove soil resistance in general and to liquefaction in particular.

Seed and Harder (1990) presented graph of residual undrained shear strength
of liquefied soil versus normalized blow count from the standard penetration tests.
Olson and Stark (2002) proposed relationships between residual undrained shear
strength cur to effective overburden pressure σ′

v ratio of liquefied soil versus nor-
malized blow count from the standard penetration tests, normalized tip resistance
from the cone penetration tests and based on liquefaction flow failure case his-
tories. Olson and Stark (2002) suggested that the cur/σ′

v from the liquefaction
case histories varies in the range from 0.05 to 0.12, with an average value of
0.09. These ratios correspond to an equivalent friction angle range from 2.9◦

to 6.8◦ with an average value of 5.1◦. Soil penetration resistance can be deter-
mined either before or after its liquefaction, generally giving different results.
Assessment based on back analysis of liquefaction case histories is considered
reliable.

M. Srbulov, Geotechnical Earthquake Engineering,
C© Springer Science+Business Media B.V. 2008
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Fig. 5.1 Schematic of soil
shear resistance versus
horizontal displacement in
loose sand at different axial
effective stress σ magnitudes
(modified from Yamamuro
and Lade, 1997; Srbulov,
2005a, by permission of
Patron Editore)
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Sand liquefaction caused by ground motion usually involves only a limited depth
range because of zero shear stress at the ground surface and high confining stress
at greater depths. The seismic energy trapped in the soil crust overlaying a lique-
fied sand layer can cause an amplification of ground motion during the transition
stage in comparison with the ground motion prior to liquefaction. This is possible
when undamaged soil deposit has a higher resonant frequency than the dominant
frequency of the earthquake. Soil softening will move the deposit towards resonance
thus causing an increase in the amplification factors. For example, an accelerogram
from site near an apartment building resting on liquefiable sand in 1964 Niigata
earthquake (Aki, 1988) shows almost doubling of the peak acceleration of the top
crust during the earthquake. This was attributed to the effects of resonance caused
by softening during a transition from solid to liquid phase of underlying strata. The
peak accelerations of the crust in the solid and liquid phase of underlying strata were
similar.

The crust movement on sloping ground is a frequent cause of damage to piles
(e.g. Berrill et al., 2001; Finn and Fujita, 2002).

The objectives of this chapter are to briefly summarize the conventional empir-
ical methods for liquefaction assessment of horizontal ground, to describe simple
rotating and rolling cylinder models for analyses of sand liquefaction potential and
flow distance on sloping ground, and to show how these models are consistent with
empirical methods.

5.2 Conventional Empirical Methods

5.2.1 Liquefaction Potential Assessment

Empirical procedures for analysis of potential of liquefaction mainly follow the
work of Seed et al. (1985). The procedures are based on:
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� a cyclic stress ratio,
� normalized blow count (N1)60 from the standard penetration tests (SPT),
� an empirical chart obtained from the past case histories.

According to Seed and Idriss (1971), the cyclic stress ratio, for magnitude
M =7.5 earthquakes, is calculated according to the following formula

τ

σ′
v

= 0.65 · ap,h

g
· σv

σ′
v

· rd , (5.1)

where τ is the shear stress caused by an earthquake, ap,h is the peak horizontal
ground acceleration (e.g. Equation 3.6 and 3.7), g is the gravitational acceleration,
σν and σ′

ν are the total and effective overburden pressure, rd is a stress factor with
depth.

A measured SPT blow count N can be normalized to an overburden pressure of
100 kPa according to Liao and Whitman (1986), and can be corrected to an energy
ratio of 60% (the average ratio of the actual energy Em delivered by hammer to the
theoretical free-fall energy E f f )

(N1)60 = N ·
√

100

σ′
v

· Em

0.6 · E ff
, σ′

v is in k Pa

0.5 <

√
100

σ′
v

< 2, (Eurocode 8 − 5)

N = 0.75 · N at depths ≤ 3m, (Eurocode 8 − 5),

(5.2)

where σ′
v is the effective overburden pressure at the depth where N is recorded

from SPT’s blow count. Other corrections to N are applied, such as for the borehole
diameter, rod length and sampler type (e.g. Skempton, 1986; Cetin et al., 2004).

Boundaries between liquefiable and non-liquefiable (silty) sand are published by
NCEER and are periodically updated in the light of experience (Youd and Idriss,
2001). The boundaries are shown in Fig. 5.2 for earthquake magnitude M = 7.5,
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Table 5.1 Magnitude correction factors (dividers of the right hand side of Equation (5.1) according
to Ambraseys (1988) and Eurocode 8-5

Magnitude Ms 5.5 6.0 6.5 7.0 8.0

The correction factor 2.86 2.20 1.69 1.30 0.67

effective overburden pressure of 100 kPa, nearly horizontal ground surface and
depths to about 20 m below the ground surface.

Different magnitude scaling factors are used (e.g. Cetin et al., 2004). Eurocode
8-5 uses the magnitude correction, i.e. divider of the right hand side of Equation 5.1,
suggested by Ambraseys (1988) as shown in Table 5.1.

Different proposals exist for the stress factor with depth rd because of its large
scatter (e.g. Cetin et al., 2004). Eurocode 8, Part 5 adopts rd = 1.

Similar procedures to the procedure based on SPT test results exist for the cone
penetration test (CPT) results and transversal wave velocity measurements (e.g.
Moss et al., 2006; Seed et al. 2003).

The empirical charts mentioned above are for nearly horizontal (level) ground
only. Soil slopes are subjected to shear stress caused by gravity forces. Harder and
Boulanger (1997), for example, provided graphs for correction of the cyclic stress
ratio for sand and Boulanger and Idriss (2007) for silt and clay. The scatter of the
correction factors in the graphs is large. Possible effect of slope inclination on liq-
uefaction potential of sand with fines is investigated in more details in Section 5.3
using a simplified model.

5.2.2 Flow Consideration

Hamada et al. (1986) considered the effects of geotechnical and topographic con-
ditions on permanent ground displacements observed in uniform sand of medium
grain size in the 1964 Niigata (M = 7.5), 1971 San Fernando (M = 7.1) and
1983 Nihonkai-Chubu (M = 7.7) earthquakes. Flow distances were found to be
most strongly influenced by the thickness of the liquefied layer and the slopes of the
ground surface and lower boundary of the liquefied zone. Flow distance u f (m) was
obtained from the equation

u f = 0.75 · L
1/2
l · β

1/3
l , (5.3)

where Ll is the thickness of the liquefied layer in meters and βl is the larger inclina-
tion of the ground surface slope or the slope of the lower boundary of the liquefied
zone in percent.

Youd et al. (2002), among others, used a large data base of lateral spreading case
histories to develop empirical expressions relating lateral ground displacement to
a number of source and site parameters. Empirical relationships are applicable to
the data sets based on which they are derived and may not be extrapolated to other
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cases. A simplified model described in Section 5.4 is based on both geometrical and
physical properties of liquefied soil.

5.3 Rotating Cylinder Model for Liquefaction Potential
Analysis of Slopes

5.3.1 Model for Clean Sand

When structure of loose sandy soil deforms because of ground shaking, soil grains
tend to move into pores between grains. As a result of such movement, soil tends
to decrease its volume, which causes build-up of excess pore water pressure in
submerged condition, decrease of effective stresses and of soil shear strength. If
soil shear strength is decreased to zero then soil exhibits liquefaction. Soil grains
movement into adjacent pores should be considered by a model. However, such a
model will require also consideration of very complex water pressures variation in
time; otherwise the model would indicate an increase in soil strength during ground
shaking instead of its decrease.

In the simplified model considered in this section, submerged sand grains are
represented as cylinders in two-dimensions, as shown in Fig. 5.3. No interaction be-
tween soil and water is considered because dynamically (highly) pervious condition
is assumed to exist around a grain. When subjected to sufficient horizontal ground
acceleration, the cylinders rotate about the edge of a groove created by adjacent
sand grain i.e. cylinder, Fig. 5.3. If ground acceleration exceeds a critical value then
the cylinders will not return back into the groove when ground motion decreases
or reverses. Over the edge, the cylinders roll out for a considerable distance due to
gained momentum and a relatively small residual resistance. It is sufficient to con-
sider a single grain i.e. a cylinder in two-dimensions because adjacent sand grains
(cylinders) move in phase in the horizontal direction and do not experience any
lateral interaction.

Fig. 5.3 Simplified model of
sand liquefaction for
horizontal (level) ground

φ−θ

Maximum ground
displacement dp,h
prior to
liquefaction 

A

θ

Liquefied sand once cylinder centre 
moves over the edge

φ
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This is not the first time that a simplified model is used for consideration of
ground shaking. The ancient Chinese seismometer used throwing of a little ball into
mouth of a frog sculpture to indicate direction of ground shaking (http://www.chcp.
org/seismo.html).

The angle of inclination of the groove at the edge (point A in Fig. 5.3) is equal to
the frictional angle φ of sand in cyclic conditions, Section 2.4. The half width of the
groove is assumed to be proportional to the maximum horizontal ground displace-
ment dp,h during earthquake shaking before liquefaction, e.g. Equation 3.10. This is
to assure model physical connection to actual ground motion. From the geometry in
Fig. 5.3, the cylinder radius r = dp,h [sin(φ − β)]−1, where β is the angle of slope
inclination, if any.

Only the submerged cylinder weight W = (ρ − ρw)g r2π and horizontal inertia
force ρah r2π act on the cylinder with radius r prior to its rotation; ρ and ρw are unit
densities of sand and water, ah is the horizontal ground acceleration and g is the
gravitational acceleration. Moment equilibrium around point A (Fig. 5.3) of acting
forces provides expression for the critical acceleration ratio acr g−1 in the horizontal
direction prior the cylinder rotation

acr

g
= ρ − ρw

ρ
· tan(φ − β), (5.4)

where φ is sand friction angle in cyclic conditions, β is slope inclination angle, if
any. The critical acceleration for a submerged sliding block on a planar surface is
equal to the critical acceleration for the rotating cylinder model.

When the ground acceleration exceeds this critical acceleration the cylinder is set
in rotation. The equation of rotation of a rocking block is (e.g. Yim et al., 1980)

Io
..

θ +W · r · sin(φ − β − θ ) = −r2 · π · ρ · ah · r · cos(φ − β − θ ), (5.5)

when only the horizontal component of ground acceleration ah is considered in order
to be able to compare the results of the model with the empirical method based on
Equation (5.1) and Fig. 5.2, which consider horizontal ground motion only. The
polar moment of mass inertia of a cylinder with radius r around a point is Io =
2r2 πρ r2, θ̈ and θ are rotational acceleration and rotation angle respectively of the
block around a point, W is the block weight, ρ is unit density of block. Equation
(5.5) is non-linear because of the presence of trigonometric functions of θ . Another
source of non-linearity is the instantaneous switching of equations as the block rocks
alternately around its two edges.

Yim et al. (1980) solved the equation of motion using a fourth-order Runge-Kutta
numerical integration scheme with a typical time step of 1/400 s. The accuracy of the
computer program was checked by comparing its results with analytical results for
single-pulse excitation (Housner, 1963) and with experimental results from shaking
table experiments using earthquake-type excitations. Yim et al. (1980) found that
small variations in the system parameters and ground motion lead to large changes in
the response. In contrast to the conclusions for single-pulse excitations, the stability
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of a block (cylinder) does not necessarily increase monotonically with increasing its
size, or with the angle φ nor does it necessarily decrease with increasing intensity
of ground motion. Similarly, an increase in energy dissipation through the impact
on the base, does not necessarily lead to smaller response of the block. Also, the
influence of vertical ground motion is apparently non-conclusive. The sensitivity
of the rocking response of a rigid block is present even in the case of single-pulse
excitation. Hogan (1990) analyzed the chaotic nature of the steady state responses
of a rocking rigid block under harmonic forcing.

Ground acceleration (ah in Equation 5.5) can be expressed using a simple har-
monic motion with an averaged period according to Section 2.5. The equation of a
harmonic motion is

ah = 0.65 · ap,h sin(ωo · t), (5.6)

where ap,h is the horizontal peak acceleration amplitude (e.g. Equations 3.6 and 3.7),
t is time and the circular frequency ωo = 2πTeqv

−1, Teqv is the period of equivalent
harmonic motion. For the present model, the period is assumed equal to the ratio
between the peak velocity and acceleration (eg. Fig. 3.6).

The rotating cylinder model will be considered to exhibit liquefaction if the cylin-
der rotation angle θ becomes greater than φ−β, i.e. when the cylinder centre passes
over the edge of the groove (Point A in Fig. 5.3). For a range of angle θ of up to about
10◦,= 0.174 radians, sine of θ = 10◦ is 0.174 and cosine of θ = 10◦ is 0.985, which
are close to the value of angle θ in radians and 1 respectively. When sine and cosine
functions of angle θ are replaced by the first members of their Taylor series and the
ground acceleration is replaced by its equivalent harmonic motion (Equation 5.6)
then Equation (5.5) becomes

Io
..

θ −W · r · θ = −W · r · (φ − β) − 0.65 · r3π · ρ · ap,h sin(ωo · t) (5.7)

This is a non-homogeneous linear ordinary second order differential equation
with constant coefficients. It can be expressed in more compact form as:

..

θ −ω2θ = L1 + K1 · sin(ωot) (5.8)

where:

ω2 = W · r

Io

L1 = −(φ − β) · ω2

K1 = −0.65 · r3 · π · ρ · ap,h

Io

(5.9)

From Equation (5.6) follows that the cylinder will start rotation when ah = acr

at time t1 = ω−1
o arcsin[acr (0.65 aph)−1]
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The solution of Equation (5.8) is:

θ = C1eω·t + C2e−ω·t − L1

ω2
− K1

(ω2 + ωo
2)

sin(ωot) (5.10)

The constants C1,2 for the condition that the initial cylinder rotation is zero and
that the initial rotational velocity is [0.65 ap,h ωo cos(ωo t1)][r cos(φ − β))]−1 at
time t1 are:

C1 = e−ω·t1

2ω

{
0.65 · ap,hωo cos(ωot1)

r · cos(φ − β)
+ K1

(ω2 + ωo
2)

[
ω · sin(ωot1) + ωo cos(ωot1)

]}

C2 = eω·t1

2ω

{−0.65 · ap,hωo cos(ωot1)

r · cos(φ − β)
+ K1

(ω2 + ωo
2)

[
ω · sin(ωot1) − ωo cos(ωot1)

]}

(5.11)
Only a half of a cycle (i.e. the rotation around point A) according to Equation

(5.10) is considered with equivalent harmonic base motion so that the problem of
chaotic rocking is not relevant.

5.3.2 Model for Sand with Fines

Figure 5.4 shows rotating cylinder model of sand with fines.
The weight W1 of the fines model is assumed to be

W1 = % f ines

% f ines + %sand
· W, (5.12)

where W is the weight of the basic model defined before. The radius of the fines
model r1 = {W1[π (ρ − ρw)g]−1}0.5, ρ and ρw are unit densities of soil and water

Fig. 5.4 Rotating cylinder
model of sand with fines
(Srbulov, 2005a, by
permission of Patron Editore)
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and g is the gravitational acceleration. The angle α in Fig. 5.4 is

α = arcsin
r · cos(φ − θ ) − r1

r + r1
(5.13)

The axial force Na between a sand grain model and a fines model in the static
condition, in the absence of earthquake accelerations, is

Na = W1
[

cos β tan φ − sin β)
]

cos α
, (5.14)

where β is the angle of slope inclination, if any, and φ is the angle of soil friction
in cyclic conditions. The shortest distance x between the force Na and point A in
Fig. 5.4 is

x = r · sin

(
π

2
− φ + θ − α

)
(5.15)

The shortest distance (level arm) y between the force Na tan φ and point A in
Fig. 5.4 is

y = r ·
[

1 − cos

(
π

2
− φ + θ − α

)]
(5.16)

When the sine and cosine functions are replaced by the first members of their
Taylor series, the additional moments around point A of the forces Na and Na

tan φ are

Na · r ·
(

π

2
− φ + θ − α

)
(5.17)

The revised critical acceleration ratio is

acr

g
= ρ − ρw

ρ
· tan(φ − β) ·

[
1 + % f ines

% f ines + %sand

cos(φ + α)

cos α

]
(5.18)

Revised coefficients in Equation (5.9) become

ω2 = (W − Na) · r

Io

L1 =
−W · r · (φ − β) + Na · r · (φ + α − π

2
)

I o

(5.19)

Calculation of friction angles of liquefied soil according to the rotating cylinder
model is performed for the horizontal (level) ground, earthquake magnitude 7.5 and
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Table 5.2 The source-to-site distances used in Equations (3.6), (3.9), (3.10) for the back analysis

(N1)60 Distance (km) for
maximum 5% fines

Distance (km)
for 15% fines

Distance (km)
for 35% fines

5 180.0 85.0 41.0
10 80.0 50.0 28.0
15 48.0 32.0 18.5
20 32.0 21.0 8.0
25 22.0 7.0
30 9.0

effective overburden pressure of 100 kPa. The standard penetration test blow count
N is obtained from corrected (N1)60 according to Equation (5.2). The average peak
horizontal ground acceleration, velocity and displacements, which are necessary
for definition of harmonic load amplitude and period and for the cylinder radius,
are calculated using Equations (3.6), (3.9), (3.10) respectively for the source-to-site
distances shown in Table 5.2.

The friction angles of liquefied soil in cyclic condition according to the rotating
cylinder model as well as the ratios between the cyclic and static friction angles
(Equation 2.7) are obtained by trial and error in order to achieve the model pre-
diction of soil liquefaction following the border lines between liquefied and non-
liquefied condition shown in Fig. 5.5.

The calculated angles and the ratios according to the rotating cylinder model are
shown in Figs. 5.6–5.8.

The tangents of calculated range of friction angle from 3.1◦ to 6.1◦ at (N1)60 = 5
are in excellent agreement with the range from 0.05 to 0.12 of the surσ

′−1
v ratio

suggested by Olson and Stark (2002). The model is less accurate for the the rotation
angle of the cylinder exceeding about 10◦, for which the assumption that sin θ = θ

is less applicable.
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5.3.2.1 Case Studies of Liquefied Ground Slopes

The case histories of liquefaction of sloping sandy soil are obtained from Olson
(2001). An abbreviated description of the case histories is given below.

1. Sheffield Dam in California, USA. The earth dam had a maximum height of
about 7.6 m. The reservoir level was about 4.6 to 5.5 m at the time of failure,
according to Seed et al (1969). The upstream and downstream slopes were
inclined approximately 1 vertical to 2.5 horizontal. The upstream slope was
covered by a 1.2 m thick clay blanket that extended 3 m into the foundation to
act as a cut-off wall. Seed et al. (1969) estimated that the free field peak sur-
face acceleration at the dam site was about 0.15 g from the 1925 Santa Barbara
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earthquake with ML ∼ 6.3 at the epicentral distance of about 11 km. The failure
caused a 130 m wide section of the downstream slope of the dam to flow for a
distance of over 60 m downstream. Seed et al. (1969) concluded that the failure
occurred due to liquefaction and strength loss of the soil along the base of the
dam. The dam had been constructed of material consisting of silt, sand and
sandstone with cobbles. Compaction was achieved only by the routing of light
construction equipment over the fill. No penetration test results are available.
The estimation of the blow counts was based on an appraisal of relative density
and vertical effective stress.

2. Solfatara Canal Dike in Mexico. The Solfatara Canal dikes were destroyed
over a 19 km stretch, from a point corresponding to the 1940 Imperial Valley
earthquake fault trace. The earthquake magnitude was ML = 7.1. Ross (1968)
reported that the dikes were badly fissured along their length and settled over
2 m into the foundation soil. Ross (1968) investigated a 300 m stretch of dike
that was reported to flow down slope a distance of approximately 23 m. From
Ross’s (1968) reconstruction of the pre and post failure geometry of the dike it
appears that the dike was about 3 m high with the slope of about 19◦ to the hor-
izontal. No strong motion instrument was located near the site. The instruments
located in the city of El Centro measured a peak ground surface acceleration
of 0.33 g. The stretch of the dike that failed is located closer to the fault trace
than El Centro city and hence the ground shaking at the location of the dike
was likely larger than 0.3 g. The dike fill consists of loose clean fine grained
sand according to Ross (1968). Approximately 1 m thick layer of organic soil
was encountered below the ground surface in another borehole. Fine sand with
silty lenses was encountered below the organic rich soil layer (Ross, 1968).
The natural soil has fines content of 6 to 8%. No penetration test results are
available and the estimation of the blow counts was based on an appraisal of
relative density and vertical effective stress.



5.3 Rotating Cylinder Model for Liquefaction Potential Analysis of Slopes 131

3. Lake Merced Bank in California, USA. Ross (1968) investigated the slide
along the bank of Lake Merced. The failure occurred at a distance of 4 to 6 km
from the centre of the fault zone during the 1957 San Francisco earthquake with
magnitude ML = 5.3. Mainly the filled soil moved about 18 m into the lake,
judging according to the final position of several slabs of the pavement. The fill
soil was placed by end dumping into the lake. The slope of the fill was about 1 V
to 1.5 H, while the slope of the natural ground was between 1 V to 3 H and 1 V
to 4 H. No strong motion instruments were located at the site. The instruments
located on a bedrock outcrop in Golden Gate Park in San Francisco (approxi-
mately 11.2 km from the earthquake epicentre) measured a peak ground accel-
eration of 0.12 g. At the fault distance of 4 to 6 km, the peak ground acceleration
most likely was greater than 0.12 g. The near surface sediments around the lake
are primarily fluvial and eolian sand, with some fluvial and lacustrine silt, clay
and gravel. Ross (1968) indicated that the fill used for the roadway embankment
consisted of very uniform fine eolian sand, with partings of silty sand from the
adjacent cut areas. Unfortunately, the borings were conducted primarily through
natural soil, while the flow failure appears to be primarily through fill soil. No
penetration test results are available and the estimation of the blow counts was
based on an appraisal of relative density and vertical effective stress.

4. Uetsu Line Railway Embankment in Japan. Yamada (1966) described a
number of embankment failures during the 1964 Niigata earthquake with
Mw ∼ 7.5, which may induced a peak ground surface acceleration of 0.2 g at
the Uetsu Line railway embankment. The 8 m high embankment had settled into
the underlying peat nearly 1.5 m prior to the earthquake, allowing the lower por-
tion of the embankment to become saturated. During the earthquake, it appears
that the saturated portion of the fill liquefied along a length of about 150 m and
flowed for a distance of more than 110 m over the slope of the natural ground at
1◦ to 2◦ to the horizontal. The water table was at the ground surface in the sur-
rounding rice field. The embankment with an average slope inclination of about
21◦ was constructed of sand with high degree of uniformity. The embankment
fill was not compacted based on a description of construction techniques for
embankments and dikes available. No penetration tests were conducted at this
site. The blow counts were estimated based on numerous SPT results through
sand fill dikes with similar grain size distribution and constructed by similar
techniques.

5. Hachiro-Gata Road Embankment at Akita in Japan. Ohya et al. (1985)
described flow slide, as a result of liquefaction of sandy sediments, of the
Hachiro-Gata road embankment leading to the Gomyoko Bridge during the
1983 Nihonkai-Chubu earthquake with magnitude 7.7. A peak ground accel-
eration of 0.168 g was measured in the town of Akita. Ohya et al. (1985) noted
that sand boils formed at the toe of the slope following the earthquake. Differ-
ential settlements were on the order of 0.5 to 1.0 m. The embankment of loose
fine sand was underlain by medium dense fine sand layer about 5 m thick. The
embankment was about 4 m high with the slope inclined at 20◦ to the horizontal.



132 5 Sand Liquefaction and Flow

6. La Marquesa Dam in Chile. De Alba et al. (1987, 1988), among others, de-
scribed the failure of La Marquesa dam located approximately 80 km from the
epicentre of the 1985 central Chile earthquake with magnitude Ms = 7.8. The
estimated the peak ground acceleration at the dam site was approximately 0.6 g.
The dam had a height of 10 m and the upstream slope inclined at about 28◦ to the
horizontal. The largest displacements of 2 m vertically and 11 m horizontally
(at the toe) occurred in the upstream direction. Extensive longitudinal cracking
occurred, with crack widths up to 0.8 m and crack depths up to 2 m. Borings
at the dam location indicated that a layer of loose silty sand, which is about
0.8 to 1.7 m thick, underlies the dam. The fines content of the silty sand was
approximately 30% under the upstream slope and 20% under the downstream
slope. Olson (2001) estimated an average diameter of soil particles based on the
uniformity and fines content of the silty sand.

7. La Palma Dam in Chile. De Alba et al. (1987, 1988), among others, described
the failure of La Palma dam located approximately 80 km from the epicentre
of the 1985 central Chile earthquake with magnitude Ms = 7.8. Estimated
the peak ground acceleration at the dam site was approximately 0.46 g. The
dam had a height of 10 m and the upstream slope inclined at about 28◦ to the
horizontal. The largest displacements of 1.5 m vertically and 5 m horizontally
occurred in the upstream direction. Extensive longitudinal cracking occurred,
with crack widths up to 1.2 m, crack lengths up to 80 m, and slumping of up to
1.5 m at the cracks. Borings at the dam location indicated that a layer of loose
silty sand underlies the dam. The thickness of the layer was less than 1.0 m and
the fines content was approximately 15%. Olson (2001) estimated an average
diameter of soil particles based on the uniformity and fines content of the silty
sand.

8. Chonan Middle School at China in Japan. Ishihara et al. (1990) and Ishihara
(1993) documented the liquefaction failure of the playground embankment fill
of the Chonan Middle School during the 1987 Chibaken-Toho-Oki earthquake
with magnitude M = 6.7, which induced the peak ground acceleration of
∼ 0.12 g at the site. The liquefaction induced slump was up to 3 m. Numerous
sand boils occurred in the playground area. Ishihara (1993) concluded that a
relatively hard crust of surface soil at the toe, which heaved approximately 1 m,
prevented large scale flow. The embankment fill was about 5 m high with a toe
berm and the slope inclined at about 30◦ to the horizontal. The embankment and
landscape fill consists primarily of loose very fine sand to silty sand, with thin
interbeds of clayey sand and sandy silt, to a depth of approximately 8 m. The
fines content of the fill soil is approximately 18%. Olson (2001) estimated an
average diameter of soil particles base on the soil description (very fine grada-
tion) and the fines content. It was assumed that typical Japanese SPT equipment
with an energy ratio of 68% was used (Seed et al., 1985).

9. NalbandRailwayEmbankment inArmenia.Yegianet al. (1994b)documented
the failure of a railway embankment near the town of Nalband during the 1988
Armenia earthquake with magnitude Ms = 6.8. The estimated peak ground ac-
celeration at the site was between 0.5 and 1.0 g. The embankment was displaced
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about 2 m laterally and 3 m vertically. The embankment was constructed by plac-
ing without compaction a layer and berm of gravely sand fill on the naturally
sloping deposit of volcanic tuff. The berm was overlain by about 0.5 m of low
permeability soil that impeded drainage over most of the failure surface. The
grain size distribution of samples of the gravely sand was obtained from borings
conducted after the earthquake. The embankment height was about 4 m with the
slope inclined at about 34◦ to the horizontal. It consists of compacted silty sand,
which appeared to have broken into intact blocks. It was assumed that the SPT
equipment used at the site had the energy ratio of about 60%.

10. Shibecha-Cho Embankment in Japan. Miura et al. (1995, 1998) described
flow failure of an embankment in the Kayanuma district, Shibecha-cho, during
the 1993 Kushiro-oki earthquake with magnitude M = 7.8. Miura et al. (1995,
1998) estimated a peak ground acceleration of 0.38 g, which is measured at a
nearby rock outcrop. The embankment suffered severe cracking, slumping up to
5 m and flow of approximately 23.5 m. The embankment was about 10 m high
with the slope inclination of about 31◦ to the horizontal. The embankment fill
consists primarily of loose volcanic silty sand and was compacted by construction
traffic only. The grain size distribution was obtained from the borrow area and
a sand boil. Only Swedish cone penetration tests were conducted following the
earthquake and SPT blow counts were estimated from the Swedish cone results.

11. Route 272 Embankment at Higashiarekinai in Japan. Sasaki et al. (1994)
described the failure of the embankment on the route 272 at Higashiarekinai
in Japan during the 1993 Kushiro-oki earthquake with magnitude M = 7.8.
Sasaki et al. (1994) estimated that the peak ground acceleration at the site was
greater than 0.3 g based on acceleration attenuation relationships developed for
this earthquake (Sasaki et al., 1994) and its proximity to Shibecha-cho where
the peak acceleration was 0.38 g. The embankment was about 8 m high with the
slope inclined at about 34◦ to the horizontal. The embankment crest slumped
about 2.4 m and the toe moved horizontally about 25.3 m from the original po-
sition. The embankment is underlain by pumice bearing volcanic sand (Sasaki
et al., 1994). Olson (2001) assumed that the foundation and fill conditions were
similar to the Shibecha-cho embankment. SPT blow counts were measured in
the failed fill but it was assumed that the Japanese SPT equipment had an energy
ratio of 72% (Seed et al., 1985; Ishihara, 1993).

5.3.2.2 Summary of the Case Studies

Data in Table 5.3 for the case histories of liquefaction of sloping sandy soil are
obtained from Olson (2001), except the correction factor for slope and values of φ

and φ − β.
The differences between the friction angles in cyclic condition and averaged

slope angles are all negative and therefore the slopes must be unstable during the
earthquake shaking and further consideration by the rotating cylinder model is not
necessary for these cases because the failure criterion according to the model is
fulfilled.
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Fig. 5.9 Correction coefficients for use in Equation 5.1 for slopes from Table 5.3

Large variations, mentioned at the beginning of Section 5.3, of the correction
factors according to Harder and Boulanger (1997) to be used in Equation (5.1) for
sloping ground are shown in Fig. 5.9 for the case histories considered.

5.4 Rolling Cylinder Model for Analysis of Flow Failures

5.4.1 Model for Clean Sand

Following the previous rotating cylinder model, the rolling cylinder model for flow
analysis of slopes is shown in Fig. 5.10.

The equation of motion is

r2π · ρ · ..
u = r2π · g · (ρ − ρw) · (sin β − cos β · tan δr ), (5.20)

where r is the cylinder radius, ρ is sand unit density,
..
u is the acceleration of the

cylinder, g is the gravitational acceleration, ρw is water unit density, β is slope angle
to the horizontal, δr is the residual angle of soil friction.

Some of actual sand grain friction along the path is converted to heat during flow
failures. Tika et al. (1996) reported less than 1◦C of temperature increase during
fast shearing of clayey siltstone and claystone in ring shear apparatus. Frictional
damping is likely to be small and is neglected in Equation (5.20). Also, damp-
ing caused by water viscosity is likely to be small and is neglected in Equation
(5.20).

Fig. 5.10 Rolling cylinder
model (Srbulov, 2005, by
permission of Patron Editore) β

W

u

r
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The solution of Equation (5.20) is

u = ρ − ρw

ρ
· g · (sin β − cos β · tan δr )

t2

2
+ vot, (5.21)

where vo is the initial velocity, which is assumed equal to the ground vp,h from
Equation (3.9). The limited time t of sand flow can be estimated from the principle
of sedimentation of soil grains. For simplicity, it is assumed that all sand particles
are spheres, and the velocity Vp of a particle can be given by Stokes law (e.g. Das,
1985) as

Vp = γs − γw

18ηaw

D50
2, (5.22)

where γs , γw are unit weight of soil particle and water respectively, ηaw is absolute
viscosity of water and D50 is an average diameter of soil particles. The sedimen-
tation time t = L pV −1

p , where L p is the length of sedimentation path, which is
assumed equal to the thickness of liquefied layer. This assumption is made because
flow will not stop until the particles from the top of flow settle down. Absolute
viscosity of water depends on temperature. At 20◦C, ηaw = 981 × 10 − 5 g/(cm s)
or mPa s. At 10◦C, the viscosity is 29.8% greater and at 30◦C 20.3% smaller than
the viscosity at 20◦C.

5.4.2 Model for Sand with Fines

Figure 5.11 shows the rolling cylinder model with fines.
The weight W1 of the fines model is given in Equation (5.12). The radius of the

fines model is as before r1 = {W1[π (ρ − ρw)g]−1}0.5, ρ and ρw are unit densities of
soil and water and g is the gravitational acceleration. The angle α in Fig. 5.11 is

Fig. 5.11 Rolling cylinder
model with fines (Srbulov,
2005, by permission of
Patron Editore)

Na

Na tanδr

β

r1

α
β

Fines model

Sand model

u

W
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α = arcsin
r − r1

r + r1
(5.23)

The normal force Na between a sand grain model and a fines model is

Na = W1[cos β tan δr − sin β)]

cos α
, (5.24)

where β is the angle of slope inclination and δ is the angle of residual soil friction
in cyclic conditions. Revised Equation (5.21) is

u =
[
ρ − ρw

ρ
·g ·(sin β−cos β ·tan δr )−Na ·(cos α−sin α ·tan δr )

]
t2

2
+vot (5.25)

5.4.2.1 Summary of the Case Studies of Sand Flows Analyzed by Rolling
Cylinder Model

The case histories from Olson (2001), considered for the analysis of potential of
liquefaction of sloping sandy soil which data are given in Table 5.3, are used for
back analyses by the rolling cylinder model, which data are given in Table 5.4.
From the case histories analyzed, it has been found that the model provides adequate
results when δr = β and β < φ. This means that the flow distance, u f = vph t ,
is the product of the peak ground velocity vph and the sedimentation time t of soil
particles.

Calculated flow distances are shown versus recorded flow distances in Fig. 5.12.
The agreement between the predicted and actual flow distance is rather good despite
numerous assumptions made by Olson (2001) about soil properties.

In Case No 4, the average diameter of soil particles D50 vary in a narrow range
and the SPT blow counts varies in the range from 2 to 5. Therefore, either the es-
timated ground velocity caused by the earthquake or the residual angle of friction
δr had a significant effect in this case. The explanation of the inaccuracy is unlikely
to be due to inaccurate estimation of peak ground velocity because even a doubling
of the peak ground velocity would only double the calculated flow distance. To
explain this actual distance of 110 m would require the residual angle of friction δr

to be 1.412◦ when natural ground angle was 1.5◦. The model would then predict the
observed flow distance. Such high model sensitivity indicates the lack of the model
robustness. However, soil flow is chaotic in nature (term turbulent is used for fluids)
and the results are very sensitive to small differences in the parameters. An example
of sensitivity of calculated flow distance on residual angle of friction δr for Case No
4 is shown in Fig. 5.13.
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Fig. 5.12 Calculated and
recorded flow distances from
the case histories, which data
are given in Table 5.4
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Fig. 5.13 An example of
sensitivity of calculated flow
distance on residual angle of
friction δr in Case No 4
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5.5 Summary

Liquefaction of horizontal ground during strong earthquakes is considered in prac-
tice using semi-empirical method based on case studies of liquefied and non-
liquefied soil and soil penetration resistance in situ. This method requires the use
of a correction coefficient for sloping ground. The available values of the coefficient
vary widely and therefore their refinement is necessary.

� Rotating cylinder model, which is described in Section 5.3, is used to analyze
liquefaction potential of sloping ground. A number of case studies of liquefied
slopes, which are considered in Section 5.3, indicate clearly slope susceptibility
to liquefaction. The same case studies are used for consideration of flow dis-
tances of liquefied sand.

� An alternative to the rotating cylinder model is to use Fig. 5.2 for level ground
but with the cyclic stress ratio defined based on Fig. 1.4 as
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τ

σ ′
n

= Ch W

cos ᾱ
∑

N (1 − ru)
(5.26)

where ᾱ is the angle of inclination of the equivalent sliding block to the hori-
zontal, ru is excess pore water pressure ratio. As W = ∑

T sin ᾱ +∑ N cos ᾱ,∑
T = ∑

N ′(1 − ru) tan φ1 F S−1 and F S = (γ ′γ −1 − Ch tan ᾱ)(1 − ru) tan φ1

(γ ′γ −1 tan ᾱ + Ch)−1 for an equivalent sliding block, it follows that the cyclic
stress ratio for a slope is

τ

σ ′
n

= Ch

[
1

1 − ru
+ γ ′/γ (1 − ru) tan φ1 − F S · Ch

F Sγ ′/γ + Ch(1 − ru) tan φ1
· tan φ1

F S

]
(5.27)

where γ ′ and γ are submerged and total soil unit weights respectively for soil
under water level. For soil above ground water level, γ 1γ −1 = 1. FS is factor of
safety of slope stability, φ1 is soil friction angle in static condition.

� Rolling cylinder model, which is described in Section 5.4, is used for analysis of
flow distance of liquefied sand. Based on the case histories analyzed, the model
provides best results if the friction angle of liquefied soil is equal to angle of
inclination to the horizontal of natural ground under slope and if slope angle
is less or equal to soil friction angle in cyclic condition. In this case, flow dis-
tance is the product of the peak ground velocity caused by ground shaking and
the sedimentation time of soil particles in liquefied condition. Rolling cylinder
model is very sensitive to the changes in the input parameters such as the average
particle diameter and frictional angle of liquefied soil. Such sensitivity is consid-
ered to be inherited because soil flow is chaotic in nature (term turbulent is used
for fluids).



Chapter 6
Dynamic Soil – Foundation Interaction

6.1 Introduction

Eurocode 8, Part 5 (2004) specifies that the effects of dynamic soil-structure interac-
tion (DSSI) shall be taken into account where P-δ (2nd order) effects are significant,
for structures with massive or deep-seated foundations (such as bridge abutments
and gravity walls, piles, diaphragms and caissons), for slender tall structures and for
structures supported on very soft soil, with average shear wave velocity less than
100 m/s. The code does not specify details how DSSI is analyzed.

Two types of DSSI are commonly referred to in the literature.

1. “Kinematic” interaction is caused by inability of a foundation to follow ground
motion due to greater foundation stiffness in comparison with ground stiff-
ness. In effect, stiff foundation filters high frequency ground motion to an
averaged translational and rotational foundation motion. Average values are
smaller than the maximum values and therefore “kinematic” interaction is ben-
eficial except if averaged motion results in significant rotation and rocking of a
foundation.

2. “Inertial” interaction is caused by the existence of structural and foundation
masses. Seismic energy transferred into a structure is dissipated by material
damping and radiated back into ground causing superposition of incoming and
outgoing ground waves. As a result, the ground motion around a foundation can
be attenuated or amplified, depending on a variety of factors.

The most important factor in determining the response is the ratio between the
fundamental period of a foundation and the fundamental period of adjacent ground
in the free field. The ratio of unity indicates resonance condition between foundation
and its adjacent ground, which is to be avoided.

Considerable research, involving analytical, numerical and experimental model-
ing, has produced a variety of techniques for the evaluation of the interaction. The
objective of this chapter is to present several simplified methods for analysis of
foundations and retaining walls.

M. Srbulov, Geotechnical Earthquake Engineering,
C© Springer Science+Business Media B.V. 2008
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6.2 Advanced and Empirical Methods

6.2.1 Numerical Methods, Centrifuge and Shaking Table Testing

Numerical methods are well developed and numerous. A list of available computer
programs can be found at www.ggsd.com. Advanced numerical methods use soil
properties, whose determination is not a simple and routine task. Nonlinear numeri-
cal methods belong to the field of applied mathematics and evaluation of the results
requires special expertise and experience.

Centrifuge tests are gaining in popularity and application, among researchers at
least. The tests are performed on small scale models in laboratory using acceleration
many times greater that the gravity acceleration. The enhanced gravity produced on
the centrifuge is such that stresses at homologous points in model and full-scale
prototype can be arranged to be identical. This ensures that the soil in the model
behaves in the same way as in the prototype (Taylor, 1994; Kutter and Balakrishnan,
2000). Although some technical difficulties exist (e.g. Wilson, 1998), they are being
resolved. In the coming decade or so, the facilities and expertise required for the
testing is expected to become more accessible to practicing engineers.

Shaking table scale model tests are conducted under earth’s gravity. These scale
models have the major disadvantage that stresses are not correctly reproduced in
the soil of the model, which can lead to major differences between the behaviors of
the model and the full-size object it is intended to simulate. These model tests have
been demonstrated to be sensitive to container boundary effects, scale modeling
techniques, and adherence to similitude laws (e.g. Meymand, 1998). Both equivalent
sinusoidal and earthquake type motions are used for model excitation.

6.2.2 System Identification Procedure

The fundamental objective of any system identification analysis is to evaluate the
properties of an unknown system given a known input into and output from that
system. The system is generally associated with structural flexibility alone, or the
structural flexibility coupled with foundation flexibility in rocking and/or transla-
tion. The inputs and outputs are various combinations of free-field, foundation, and
roof-level recordings. Expected results from the system identification procedure are:

� Modal frequencies and damping ratios of the structures for rigid and flexible base
cases.

� Transfer functions describing the frequency dependent variations between input
and output motions.

Important assumptions usually made in the system identification analyses are:

� The dynamic response of soil-structure systems can be described by linear dy-
namic models with proportional damping. This assumption is not valid when
structures are damaged or yielded and when soil degradation occurs.
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� Input and output motions used for system identification were representative, i.e.
that lateral and rocking motions at the same elevation are uniform, which is true
for rigid footings.

� Roof motions are not influenced by torsional deformations in the structure.
� Free field acceleration records are assumed to be representative of wider zones,

which is seldom correct because of spatial heterogeneity of ground.

Stewart et al. (1998) analyzed 58 case histories and found that inertial interaction
effects could cause vibration period lengthening ratios of 4 and 30% foundation
damping and be negligible in some cases. However, they found that the analyti-
cal predictions were generally reasonably accurate, with some limitations for deep
foundations and long-period structures.

6.3 Discrete Element Models

6.3.1 Lumped Mass Model Formula

Wolf (1994), among others, considered motion of a rigid structure caused by a hor-
izontal ground acceleration ag,t as shown in Fig. 6.1.

The coupled rotational and horizontal dynamic equilibrium equations at the cen-
tre of gravity of a rigid structure are based on the second Newton’s law of motion.

Io
d2θ

dt2 + Mr − hc Pb = 0 (6.1)

msag,t + mshc
d2θ

dt2 + Pb = 0, (6.2)

Fig. 6.1 Model of a rigid
structure

hc

..

θ

Pb

Mr

ag,t + h θ

ag,t

..
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where Io is the polar moment of mass inertia around the centroid, θ is the structure
rotation angle, t is time, Mr is the base reaction moment, hc is the smallest distance
between the centre of gravity and the base, Pb is soil resisting force acting at the
base, and ms is the structure mass. The resulting differential equation of the second
order with constant coefficients is

d2θ

dt2 + Mr

I
= −mshc

I
ag,t , (6.3)

where

I = Io + ms · hc
2 (6.4)

Wolf (1994) solved Equation (6.3) in time domain based on an explicit algo-
rithm with a predictor-corrector scheme, described in Section 6.3.3. He stated that:
“This rather simple discrete-element model with causal frictional elements may well
yield a better approximation of reality than a complicated ‘rigorous’ analysis by the
boundary-element method with non-causal linear-hysteretic damping or with some
other sophisticated description of material damping”.

In a simplified approach, Srbulov (2002), assumed that

Mr = ms · g · hc · θ (6.5)

Equation (6.3) becomes

d2θ

dt2 + ω2θ = −ω2 ag,t

g
, (6.6)

where ω2 = ms g hc I −1. The solution of Equation (6.6) is

θ = a cos(ωt) + b sin(ωt) + c
dg,t

hc
(6.7)

The first and second derivatives are

dθ

dt
= −aω sin(ωt) + bω cos(ωt) + c

hc

d(dg,t )

dt
(6.8)

d2θ

dt2 = −aω2 cos(ωt) − bω2 sin(ωt) + c

hc

d2(dg,t )

dt2 , (6.9)

where a, b, c are constant and dg,t is the horizontal ground displacement in time. For
an equivalent harmonic motion with ground circular frequency ωg , the amplitudes
of horizontal ground displacement and velocity are proportional to the amplitude of
horizontal ground acceleration ag,t = d2(dg,t )dt−2,
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dg,t = ag,t

ω2
g

d
(
dg,t
)

dt
= ag,t

ωg

(6.10)

When the initial dg,o, θo and dθodt−1 are zero as well as the initial ground accelera-
tion at time zero is a small value in comparison with other accelerations and can be
ignored, Equations (6.7) and (6.9) become

θ =
−
(

ω

ωg

)2 ag,t

g

1 +
(

ω

ωg

)2 (6.11)

d2θ

dt2 =
−ω2 ag,t

g

1 +
(

ω

ωg

)2 (6.12)

When the ratio (ω ω−1
g )2 is a small value and can be ignored then the horizontal

peak foundation acceleration a f,p, at a distance e from the centroid, follows from
Equation (6.13)

a f,p = −ap,h
ms · hc · e

I
, (6.13)

where ap,h is the peak horizontal ground acceleration, e.g. Equations (3.6) and (3.7).
In Equation (6.13), it has been assumed that both foundation and ground peak

accelerations appear at the same time, which is not true.
For multi-storey building, the total mass ms is estimated as

ms = mi (St + 1 + Bs), (6.14)

where St is the number of storeys above ground level and Bs the number of (sub)
basements in a building, mi is storey mass. The distance of the centre of gravity ho

above ground level, and hc above foundation level, are estimated from

ho = mi Hs

ms

⎛

⎝
St∑

i=1

i −
Bs∑

j=1

j

⎞

⎠ (6.15)

ho = Hs

St (St + 1)

2
− Bs(Bs + 1)

2
(St + 1 + Bs)

(6.16)



146 6 Dynamic Soil

hc = ho + Hs · Bs, (6.17)

where Hs is the distance between storeys, which is assumed to be the same for all
floors. The polar moments of inertia Io and I are calculated from

Io = mi

⎡

⎣h2
o +

St∑

i=1

(ho − Hs · i)2 +
Bs∑

j=1

(ho + Hs · j)2

⎤

⎦ (6.18)

Io = mi

[
h2

o(1 + St ) − Hs · ho St (St + 1) + H 2
s

St (St + 1)(2St + 1)

6

+ h2
o Bs + Hs · ho Bs(Bs + 1) + H 2

s

Bs(Bs + 1)(2Bs + 1)

6

] (6.19)

I = Io + ms · hc
2 (6.20)

6.3.1.1 Case Studies of Peak Accelerations of Piled Foundation Analyzed
Using Lamp Mass Model

The first nine of the following case histories are summarized by Srbulov (2006c).
All of them are also described in Section 6.4.2 of the book. The comparisons of
the simplified model predictions with the recorded data are given in Table 6.1 and
shown in Fig. 6.2.

The agreement between the recorded and calculated peak foundation acceler-
ations is good even when using a number of simplifying assumptions and not
considering soil-foundation interaction and soil properties, which results in the scat-
ter between the recorded and calculated peak foundation accelerations. The ratios

Fig. 6.2 Recorded and
calculated peak foundation
accelerations according to the
lump mass model
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Fig. 6.3 Ratios between recorded peak accelerations of foundation and adjacent ground

between recorded peak accelerations of foundations and adjacent ground are shown
in Fig. 6.3.

The following comments apply:

� In Case No 5 (Imperial Valley County services building in El Centro,
California), the peak foundation acceleration is up to about 50% greater than
the peak ground acceleration. Imperial Valley County services building is six
storey reinforcement concrete building with the fundamental period of approx-
imately 0.6 s. The building is underlain by silty sandy clay (USGS, 1984). The
transversal wave velocity in the first five meters is 137 m/s, 194 m/s in the depth
range five to 22.5 m and 267 m/s in the depth range 22.5–34 m. The averaged
transversal wave velocity to a depth of 22.5 m is 177 m/s and the fundamental
period is 0.5 s. The averaged transversal wave velocity to a depth of 34 m is
200 m/s and the fundamental period is 0.68 s. It is quite possible that the struc-
ture motion was in (near) resonance with the soil layer motion, resulting in high
foundation accelerations. Resonance condition is not considered by the simpli-
fied method.

� In Case No 10 (Dumbarton Bridge in San Francisco, California), the peak
foundation acceleration in the longitudinal direction is from 30% to 140% greater
than the peak ground acceleration. The Dumbarton Bridge has the fundamental
vibration period in the longitudinal direction of 1.9 s. The free field ground mo-
tion had the predominant vibration period of 2 s in both directions according
to the Fourier spectra. The bridge vibration in the longitudinal direction was in
(near) resonance with the ground vibration. Therefore, the avoidance of reso-
nance condition is the most important feature of the soil-foundation interaction.
Resonance condition is not considered by the simplified method.

� In Case No 11 (the Northwest connector in California), the peak founda-
tion acceleration in the longitudinal direction is from 90% to 130% and in the
transversal direction from 40% to 90% greater that the peak ground acceleration.
Based on available data, it seems that the peak foundation acceleration occurred
due to the fourth structural vibration mode with the period of about 0.6 s, which
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corresponds to the predominant ground motion period. Consequently, higher
structural vibration modes are also important for the peak foundation accel-
eration. Higher vibration modes are not considered by the simplified method.
Therefore, its application should be limited to the structures with predominant
single vibration mode.

6.3.2 Closed Form Solution in Time

The lumped mass model, described in Section 6.3.1, provides good results without
consideration of soil-foundation interaction except in the cases of soil-foundation
resonance. Possible effect of soil-retaining wall interaction is considered in this sec-
tion for gravity walls when wall slip over its base is prevented, Srbulov (2005b).
Gravity walls involve stone, concrete, brick, reinforced concrete counterforts, cais-
sons, cellular cofferdams, cribs, gabions and reinforced soil. Gravity walls use their
own weight to transfer imposed loads to their foundations. They are rigid in com-
parison with surrounding soil, which displacements are averaged by the wall to a
translational and rotational component.

Kramer (1996) summarized the state of knowledge concerning dynamic response
of retaining walls. Wall movements and pressures depend on the response of the soil
underlying the wall, the response of the backfill, the inertial and flexural response of
the wall itself, and the nature of the input motions. Because of these complexities,
interacting phenomena and the inherent variability and uncertainty of soil proper-
ties, it is difficult to analyze all aspects of the seismic response of retaining walls
accurately. Simplified models that make various assumptions about soil, structure
and input motion are most commonly used for seismic design. Several simplified
methods are mentioned here:

Okabe (1926) and Mononobe and Matsuo (1929) developed a pseudo-static anal-
ysis of seismic lateral earth forces on retaining structures, so-called Mononobe-
Okabe (M-O) method. The M-O method is an extension of the static Coulomb
(1776) theory of lateral earth pressures on retaining structures. It applies horizon-
tal and vertical equivalent seismic forces to an active or passive rigid wedge in a
dry cohesionless soil. No soil-structure interaction is considered, and soil strength
degradation under cyclic loading must be assessed independently as soil input pa-
rameters. A variant of M-O approach is made normative in Eurocode 8: Part 5,
Annex E (2004).

Richards et al. (1999) used a simple kinematic method to predict the seismic earth
pressure of cohesionless soil against retaining structures due to uniform horizontal
ground acceleration. They used superposition of nonlinear horizontal soil displace-
ment in the free field and linear wall displacement. They found that the seismic
active thrust on the wall equals the total horizontal force from the free-field stress
solution.

Wolf (1994) described the use of discrete element models (DEM) for vibra-
tion analyses of rigid footings. A simple DEM is extended by Srbulov (2005b) for
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Fig. 6.4 Dynamic forces
acting on a soil element
behind wall

ρ d2u/dt2

dv
dv

⋅+τh,v

τh,v

dτh,v

dv

analysis of gravity walls by addition of a lateral earth force, comprising a transient
part ΔE and an average part Es . The transient force ΔE is determined from dy-
namic forces acting on a ground element in the horizontal direction behind a wall as
shown in Fig. 6.4.

For simplified analysis in this section, it is assumed that the value of ΔE per
meter length of wall is proportional to the sum of inertial forces acting on the ground
behind a wall because walls prevent free ground movement and are subjected to the
ground forces.

�E =
Hw∫

0

ρ · d2u

dt2
· (Hw − ν) · tan

(
45◦ − φ

2

)
dν

=
Hw∫

0

�τhν

dν
· (Hw − v) · tan

(
45◦ − φ

2

)
dν

τhv = 0.65 · atop

g
· σν (6.21)

where Hw is the wall height, d2udt−2 is the horizontal acceleration, σv is the total
vertical stress in soil behind wall at depth ν below wall top, τhv is the average shear
stress on a horizontal plane through soil behind wall at depth ν, φ is soil friction
angle in cyclic condition. The equation for τhv is similar to Equation (5.1).

The volume of ground mass involved in wall loading changes with direction
of ground acceleration, towards or away from wall. Equation (6.21) considers
an average active ground volume when ground acceleration changes sign and is
equal to zero as in static condition. For layered and cohesive soil, an estimate of
shear stress distribution along wall height can be obtained using SHAKE computer
program.

Figure 6.5 depicts the model geometry, displacement u and rotation θ , the forces
(�E, Es, Fr , and W ) and soil reaction moment Mr . Soil reaction to rocking is



152 6 Dynamic Soil

Fig. 6.5 Model of a gravity
wall (Srbulov, 2005b, by
permission of Patron Editore)
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θ
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b

Bw

considered in the form of an elastic spring and viscous dash point. The two tri-
angles under the wall represent trapped soil beneath wall for Poisson’s ratio greater
than 1/3. The force Fr prevents completely any horizontal displacement of the wall,
which is assumed to rest on two roller bearings with no resistance in the horizontal
direction.

The additional lateral soil force per meter length of wall is

�E = 0.65 · atop · ρ · tan

(
45◦ − φ

2

)
· H 2

w

2
(6.22)

The force ΔE acts at 2Hw/3 above wall base. The force Es can be calculated
from conventional theory of earth pressure in static condition but using cyclic soil
shear strength.

Wolf (1994) formulated equations of motion for a rigid cylindrical structure on
soil for a prescribed horizontal ground and wall acceleration, assuming that struc-
tural rotation θ was the only degree of freedom. The rotational and horizontal equi-
librium equations in the centre of gravity of the model (Fig. 6.5) are based on the
second Newton’s law of motion.

(I + �Mθ ) · θ̈ + Cθ · θ̇ + Kθ · θ − e · Fr + Es ·
[

cos δb ·
(

e − Hw

3

)
+ sin δb · b

]

−�E · (
2 · Hw

3
− e) = 0

m · (ü + e · θ̈ ) + Fr − Es · cos δb − �E = 0, (6.23)

where I is wall mass moment of inertia around the centre of gravity, ΔMθ is the
mass moment of inertia of the trapped soil beneath wall for Poisson’s ratio greater
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than 1/3, Kθ and Cθ are the rotational soil stiffness and dashpot coefficients respec-
tively, m is wall mass, θ , e, Fr , Hw, Es , δb, b, �E , u are shown in Fig. 6.5.

The so called dynamic spring coefficient (real part of the dynamic soil stiffness)
of the exact solution of the equation of motion exhibits a downward parabolic
tendency (Wolf, 1994), i.e. decreases relatively quickly at smaller frequencies of
vibrations but remains fairly constant at larger vibration frequencies. This behavior
corresponds to trapped soil beneath the wall, which moves as a rigid body in phase
with the wall (Wolf, 1994). A closed match is achieved by defining the trapped mass
in rocking motion to be (Wolf, 1994)

�Mθ = 0.3 · π ·
(

ν − 1

3

)
· ρ ·

(
Bw

3

3 · π

) 5
4

, (6.24)

where ρ is soil unit density, ν is Poisson’s ratio > 1/3, Bw is wall breadth at its base.
The coefficients Kθ and Cθ for surface foundation on homogeneous half space in
rocking motion (e.g. Wolf, 1994) per 1 m length

Kθ = G

8 · (1 − ν)
·
[

3.73 ·
(

Bw

1

)2.4

+ 0.27

]

Cθ = ρ · cs · 1 · Bw
3

12
,

(6.25)

where G is soil shear modulus, ν is Poisson’s ratio, ρ is soil unit density, cs is soil
characteristic wave velocity, for ν < 1/3 cs = ct [0.5(1–2ν)(1–ν)−1]−0.5, and for
ν > 1/3 cs =2ct , where ct is soil transversal wave velocity, Bw is wall breadth at its
base. The reason for using the velocity cs for rocking motion is explained by Wolf
(1994) as follows.

For the rocking motion producing compression and extension, axial waves dom-
inate for small and intermediate values of ν, resulting in the use of cp, which is
the longitudinal wave velocity. But cp tends to infinity for ν approaching 0.5. This
causes apparently anomalous behavior. Use of cp for the higher values of ν would
overestimate the radiation damping characterized by Cθ . In view of the fact that cs

= 2ct yields the correct high frequency asymptote of damping for both ν = 1/3
and 1 / 2 and in addition provides a best fit for small frequencies, this value is used
throughout the range of nearly incompressible soil (Wolf, 1994).

From Equations (6.23) and (6.24) it follows

[
I + �Mθ + e2 · m − 0.65 · ρ · tan

(
45◦ − φ

2

)
· Hw

3

3

]
· θ̈ + Cθ · θ̇ + Kθ · θ =

=
[

0.65 · ρ · tan

(
45◦ − φ

2

)
· Hw

3

3
− e · m

]
· ü + Es ·

(
cos δb · Hw

3
− b · sin δb

)

(6.26)
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Soil shear modulus G is dependent on shear strain amplitude, which in turn
is dependent on the peak ground acceleration and therefore the shear modulus
Gdependence directly on the peak ground acceleration is given in Table 2.2. In this
case, Equation (6.26) is an inhomogeneous linear second order ordinary differential
equation with constant coefficients within a time interval. Its closed form solution
depends on the values of the constants. A more compact form of Equation (6.26) is

θ + 2 · α · θ + β2 · θ = χ + λ · t

where

Io = I + �Mθ + m · e2 − 0.65 · ρ · tan

(
45◦ − φ

2

)
· Hw

3

3

α = Cθ

2 · Io

β2 = Kθ

Io

ü = ao + a1 · t

ζ = 0.65 · ρ · tan

(
45◦ − φ

2

)
· Hw

3

3
− e · m

χ =
ζ · ao + Es ·

(
Hw · cos δb

3
− sin δb · b

)

Io

λ = ζ · a1

Io
(6.27)

For the under damped case k2 = α2 − β2 < 0, the solution for a time interval �t
for which ao and a1 in Equation (6.27) are constants is (e.g. Gieck and Gieck, 1997)

ω =
√

β2 − α2

θ = e−α·t · [C1 · sin(ω · t) + C2 · cos(ω · t)] + χ + λ · t

α2 + ω2
− 2 · α · λ

(α2 + ω2)2

θ̇ = e−α·t · {C1 · [ω · cos(ω · t) − α · sin(ω · t)] − C2 · [α · cos(ω · t)

+ω · sin(ω · t)]} + λ

α2 + ω2
(6.28)

where the constants C1 and C2 are determined at the beginning of each time interval
(with constant ao and a1) from the values of θo and θ̇o at the end of the previous time
interval.

C1 = 1

ω
·
{[

θo − χ

α2 + ω2
+ 2 · α · λ

(α2 + ω2)2

]
· α + θ̇o − λ

α2 + ω2

}

C2 = θo − χ

α2 + ω2
+ 2 · α · ω

(α2 + ω2)2

(6.29)
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6.3.2.1 An Example of Comparison with the Results
of Mononobe-Okabe Method

There are no available results of field measurements of earth forces acting on the
back of gravity walls during earthquakes. For this reason, a comparison between
the results of calculations of earth forces acting on the back of a wall according to
the Mononobe-Okabe method (using 0.65 of the peak acceleration) and the closed
form solution in time is performed. The spreadsheet in Appendix A.8 is used for
the calculation of maximum lateral force acting on the back of a gravity wall for
selected ground acceleration time histories.

A simple triangular shape of model cross section is considered. The model height
Hw is 5 m and Bw = Hw with corresponding e and b of Hw/3. For Bw = Hw

and wall density of 2400 kg/m3, the wall mass moment of inertia is 100 Bw
4 =

62500 kgm2. Assumed unit weight of soil γ = 20 kN/m3, soil friction angle in cyclic
condition φ = 0.83(N1)60 (Srbulov, 2005a), soil-wall interface angle δb = φ. Based
on MIL-HDBK (1997) curves, the transversal wave velocity ct (m/s) of sand under
the wall is approximately

ct = 90 · N 0.333
1 , (6.30)

where N1 is normalized number of blow counts from the standard penetration
test. The corresponding sand longitudinal wave velocity cp = ct [0.5(1 − 2ν)
(1 − ν)−1]−0.5, where ν = 0.25 is assumed.

The lateral soil force on retaining wall is calculated according to Mononobe-
Okabe method for the vertical back of wall, o = 0, and horizontal soil backfill,
ηw = 0.

E = 1

2
· K AE · γ · h2

w · cos δb

K AE = cos2(φ − o − ψ)

cos ψ · cos2 o · cos(δb + o + ψ) ·
[

1 +
√

sin(δb + φ) · sin(φ − ηw − ψ)

cos(δb + o + ψ) · cos(ηw − o)

]2

ψ = arctan

(
ah

g

)
, (6.31)

where ah is the horizontal ground acceleration (0.65 of the peak value for the equiv-
alent harmonic motion).

The average component of the lateral soil force on retaining wall Es is calculated
according to Coulomb (1776) for the vertical back of wall, o = 0, and horizontal
backfill, ηw = 0.

Es = 1

2
· Ka · γ · h2

w · cos δb

Ka = cos2(φ − o)

cos2 o · cos(δb + o) ·
[

1 +
√

sin(δb + φ) · sin(φ − ηw)

cos(δb + o) · cos(ηw − o)

]2
(6.32)
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Table 6.2 Basic data for the acceleration records from European Earthquake Data Base (Srbulov,
2005b, by permission of Patron Editore)

No Earthquake Date Time Depth
(km)

Magnitude
ML/Ms

Station/
component

Epicentral/
fault
distance
(km)

Peak
accel-
eration
(m/s2)

A1 Campano
Lucano

23/11/1980 18:34:52 16 6.6/6.87 Sturno/N-S 32/14 2.12

A2 Alkion 24/02/1981 20:53:37 10 6.8/6.69 Xilokastro
OTE/Long.

19/4 2.84

A3 Athens 07/09/1999 11:56:50 9 –/5.6 Athens 3
(Kallithea)/
N46

23/– 2.60

B1 Montenegro 15/04/1979 06:19:41 12 –/7.0 Ulcinj Hotel
Olimpic/
N-S

24/9 2.88

B2 Alkion 24/02/1981 20:53:37 10 6.8/6.69 Korinthos
OTE/
E-W

20/13 3.04

B3 Kocaeli
(Izmit)

17/08/1999 00:01:40 17 –/7.8 Yarimca-
Petkim/
EW

17/25 2.40

The basic data of input acceleration records obtained in the free field on stiff and
medium soil and used in the comparison are shown in Table 6.2.

The results of the comparison are shown in Fig. 6.6.
Small differences in the calculated values are because the Mononobe-Okabe re-

sults are obtained for 0.65 of the peak ground accelerations of 2.5 m/s2 while the
actual range of the peak accelerations of the records is 2.12–3.04 m/s2.
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Fig. 6.6 Results of comparison of dynamic earth forces acting on the gravity wall in the example

6.3.3 Time Stepping Procedure

Permanent displacements of gravity walls caused by earthquakes have been recorded
on a number of occasions, e.g. Pitilakis and Moutsakis (1989), Inagaki et al. (1996).
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Kramer (1996) mentioned a few rigorous two-dimensional finite element analy-
ses that predict permanent deformations. A rigorous analysis should be capable of
accounting for nonlinear, inelastic, behavior of soil and of the interfaces between
soil and wall elements. Complex numerical methods require validation of their re-
sults, which is not an easy task, great expertise and are rather expensive and time
consuming. There is clearly a need for simplified rational methods.

Whitman and Liao (1985) identified shortcomings of the Richards and Elms
(1979) method as: neglect of the dynamic response of the backfill, neglect of
kinematic factors, neglect of tilting mechanism, neglect of vertical acceleration.
Whitman and Liao (1985) combined different sources of uncertainty and defined
permanent displacement of a rigid wall.

Zeng and Steedman (2000) considered rocking and sliding of rigid block model
on a rigid foundation. They assumed that the soil behind the model behaves as a
rigid plastic material, following the wall as it moves outward. The procedure was
validated by data from centrifuge tests.

Kim et al. (2004) computed the dynamic force on the back of the wall by using
the force components calculated from existing equations. They verified the proposed
model by comparing its results with those from series of shaking table tests. Their
model uses the excess pore water pressure ratio (ru = excess pore pressure in the
back-fill over initial effective vertical stress), which is not easy to define for dynamic
conditions.

Wolf (1994) described a discrete element model for coupled rocking and hor-
izontal displacement of foundation of a three-cylinder compressor. This model is
extended by Srbulov (2006d) by incorporation of slip possibility and addition of lat-
eral dynamic earth force for analyses of gravity walls response to earthquakes. The
2D discrete element model according to Wolf (1994), with addition of possibility of
wall slip and earth lateral force acting on the back of wall, is shown in Fig. 6.7. Soil
reaction to wall movement is considered in the horizontal direction and in rotation
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ΔE

θο

Hw

mg
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e

uo + e θo

GROUND
MOTIONK

C
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u
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(m-mw) g tanδ

Hw/3

2Hw/3

Fig. 6.7 Discrete element model of a gravity wall (Srbulov, 2006d, by permission of Patron
Editore)
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by elastic springs and dashpots. In the horizontal direction, a sliding element lim-
its the horizontal force that soil can sustain before wall sliding occurs. The elastic
spring and dashpot with negative coefficients are artificial and are introduced by
Wolf (1994). The two triangles under the wall represent trapped soil beneath wall
for Poisson’s ratio greater than 1/3 (Wolf, 1994).

The relationship for soil reaction moment contains a convolution integral in time.
As an alternative to the recursive evaluation of the convolution integral, a physical
discrete element model, which incorporates rigorously the convolution implicitly,
is used according to Wolf (1994). The equation of the model rotational motion
is:

(�Mθ + I ) · θ̈o + Kθ · θo − Kθ

3
· (θo − θ1) + Cθ · θ̇o − S · e = ME+�E (6.33)

An additional internal rotational degree of freedom located within the foundation
soil and connected by a rotational spring with a coefficient −Kθ /3 to the base and
by a rotational dashpot with a coefficient −Cθ to the rigid support, is introduced by
Wolf (1994). Both θ1 and the negative coefficients are artificial and are introduced
by Wolf (1994) for mathematical reason.

− Kθ

3
· (θ1 − θo) − Cθ · θ̇1 = 0 (6.34)

The equation of the model translational motion is:

m · (üo + e · θ̈o) + S = E · cos δb + �E (6.35)

The S force in Equations (6.33) and (6.35) is

S = min

∣∣
∣∣

K · (uo − u) + C · (u̇o − u̇)
(m − mw) · g · tan δb

∣∣
∣∣ (6.36)

The relative acceleration between a rigid wall and its base is:

ürelative = üo − ü when K ·(uo −u)+C ·(u̇o − u̇) > (m −mw) ·g · tan δb (6.37)

The symbols used in Equations (6.33)–(6.37) are: �Mθ is the trapped soil mass
moment of inertia when soil Poisson’s ratio is greater than 1/3 (Equation 6.24), I is
the wall mass moment of inertia around the wall center of gravity, θo is the angle of
wall rotation, Kθ is the rotational static stiffness coefficient (Equation 6.25), θ1 is
an additional internal rotational degree of freedom, Cθ is the rotational dashpot co-
efficient (Equation 6.25), C is the translational dashpot coefficient, e is the distance
between wall centroid and its base, uo is the horizontal wall displacement, K is
the translational static stiffness coefficient, ME+�E is the rotational moment around
the wall center of gravity from the average seismic earth force Es (Equation 6.32)
and the transient part �E (Equation 6.22), m is the wall mass, mw is the mass of



6.3 Discrete Element Models 159

water corresponding to submerged part of wall volume, u is the horizontal ground
displacement, δb is the angle of friction between ground and wall, g is the grav-
itational acceleration; dot and double dot above a variable represent the first and
second derivative in time.

For assumed surface foundation on homogeneous half space and 1 m wall length
in plane strain condition K and C are according to Wolf (1994)

K = G

2 · (1 − ν)
·
[

6.8 ·
(

Bw

1

)0.65

+ 0.8 · Bw

1
+ 1.6

]

C = ρ · ct · 1 · Bw

(6.38)

where G is the shear modulus of soil beneath wall (Subsection 2.2.1), Bw is the wall
base width, ν is the Poisson’s ratio, ρ is the unit density of soil beneath wall, ct is
soil transversal wave velocity.

It is assumed for this discrete element model that the rate of change of the hor-
izontal displacement of soil with depth is opposite to the rate of change of soil
vertical displacement along the horizontal direction as shown in Fig. 6.8.

Because shear strain is the sum of rates of changes of horizontal displacement
along vertical and vertical displacements along horizontal and because these rates
are of similar value but with opposite signs it follows that the shear strain beneath a
wall is small until slip occurs. Soil stiffness is constant and maximum at small strain
levels so that an elastic – ideal plastic soil model is considered. Soil mass damping
is neglected for small shear strain levels.

For use in an explicit algorithm Equations (6.33)–(6.35) are reformulated accord-
ing to Wolf (1994) as:

θ̇1 = Kθ

3 · Cθ

· (θo − θ1) (6.39)

Fig. 6.8 Shear strain
components beneath a gravity
wall (Srbulov, 2006d, by
permission of Patron Editore)
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θ̈o = ME+�E − 2
3 · Kθ · θo − Cθ · θ̇o − Kθ

3 · θ1 + S · e

I + �Mθ

(6.40)

üo = Es · cos δb + �E − S

m
− e · θ̈o (6.41)

For the parameter θ1 no prediction or correction are formulated. Starting from
the known motion at time (n − 1)�t , that is

θon−1, θ̇on−1, θ̈on−1, θ1n−1, θ̇1n−1, uon−1, u̇on−1, üon−1, the final rotations and
displacement and the predicted velocities at time n�t are calculated by the following
equations:

θon = θon−1 + �t · θ̇on−1 + �t2

2
· θ̈on−1 (6.42)

θ1n = θ1n−1 + �t · θ̇1n−1 (6.43)

uon = uon−1 + �t · u̇on−1 + �t2

2
· üon−1 (6.44)

〈
θ̇
〉
on = θ̇on−1 + �t

2
· θ̈on−1 (6.45)

〈u̇〉on = u̇on−1 + �t

2
· üon−1 (6.46)

The symbol 〈 〉 denotes a predicted value. Based on these values in place of
θ̇on, u̇on , the rotational velocity θ̇1n and the accelerations θ̈on, üon follow from
Equation (6.39)–(6.41) formulated at time n�t . The two predicted velocities are
corrected as

θ̇on = 〈θ̇ 〉
on

+ �t

2
· θ̈on (6.47)

u̇on = 〈u̇〉on + �t

2
· üon (6.48)

For stability of the explicit algorithm the time step �t must be smaller than the
(smallest) natural period divided by π that is 2ω−1. The rocking natural frequency
can be computed according to Wolf (1994):

ωr =
√

Kθ · kθ (bo)

I + �Mθ + e2 · m
(6.49)
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kθ (bo) = 1 − 1 / 3 · b2
o

1 + b2
o

(6.50)

bo = ωr · zo / cp (6.51)

zo = 9 · π · ro

32
· (1 − ν) · (

c

ct
)2 (6.52)

ro = 4

√
Bw

3

3 · π
(6.53)

Equation (6.49) is solved iteratively starting with ωr = 0. The parameters I , �Mθ ,
Kθ , e, m are as in Equations (6.33)–(6.35), cp is the velocity of longitudinal waves
through soil beneath wall; ct is the velocity of transversal waves through soil beneath
the wall; c = cp for Poisson’s ratio ν < 1/3 and c = 2ct for ν > 1/3, Bw is the wall
base width. The circular frequency of horizontal motion is

ωh =
√

K

m
(6.54)

The fundamental frequency ω of the coupled system can be approximated using
the uncoupled natural frequencies according to Wolf (1994)

1

ω2
= 1

ωh
2

+ 1

ωr
2

(6.55)

6.3.3.1 Case Study of the Caisson Type Quay Walls at Kobe Port

Inagaki et al. (1996) described seaward displacements of the caisson walls (Fig. 6.9)
of about 5 m maximum and 3 m average and investigated the mechanism of defor-
mation of the caisson walls by shaking table tests. The shaking table tests indicated
that the excess pore water pressure in the replacement sand beneath the caisson did
not reach 50% of the initial confining pressure. Both the shaking table tests and the
in-situ investigation by diving suggested that the mechanism of the deformation of
the caisson is not the sliding of the caisson during earthquake shaking but an overall
deformation of the foundation soil beneath the caisson.

On 16 January 1995, Hyogoken-Nanbu earthquake of surface wave magnitude
Ms = 6.9 occurred in Hanshin area. In Kobe port, Inagaki et al. (1996) recorded
the earthquake motion at the ground surface by a SMAC-B2 accelerometer. The
corrected peak accelerations are 5.25 m/s2 in N43W direction and 2.30 m/s2 in E43N
direction. The SPT N values at the recording station, as shown in Fig. 6.10, are
obtained about two weeks after the earthquake.
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Fig. 6.9 Cross section through a caisson in Kobe port (Srbulov, 2006d, by permission of Patron
Editore)

Liquefaction occurred around the recording station. The wave forms of the ac-
celeration time histories in the horizontal direction indicate that the liquefaction
occurred after 1.8 s from the beginning of the record.

The recorded acceleration time histories were not available for this example.
Inagaki et al. (1996) derived a relationship between transversal wave velocity νt
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Fig. 6.10 Standard penetration tests (SPT) blow count N in Kobe port
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and SPT N value at Port and Rokko Island in Kobe port. For the average values of
νt and N

νt = 91.0 · N 0.337 (6.56)

Calculated transversal wave velocity at the location of the recording station νt =
156 m/s for adopted N = 5 down to 10 m depth. The transversal wave velocity in-
creases to 286 m/s (N = 30) at 16.0 m depth and remains approximately at 315 m/s
(N = 40) to the depth of 26 m at the location of the recording station. Substitute
acceleration records obtained at Nishi-Akashi station during the same earthquake
over soil with average transversal wave velocity less than 180 m/s (PEER) were used
by Srbulov (2006d). The peak horizontal accelerations of the substitute records are
4.58 m/s2 and 3.20 m/s2.

The quay wall shown in Fig. 6.9 is founded on 4 m thick 10–200 kg stone rubble
over about 17.5 m thick layer of filled sand. Stone backfill was placed next to the
wall and decomposed granite (Masado) was used for landfill. For the calculations
in this paper, standard penetration resistance N = 10 is used for the landfill in
the upper half of the wall height, N = 30 is used for the stone backfill in the
lower half of the wall height, N = 50 for the rock rubble and N = 10 for the
replacement sand beneath the rock rubble. Calculated transversal wave velocity for
the replacement sand, according to Equation (6.56), is 198 m/s. The results of cyclic
triaxial tests performed on samples of the landfill soil and replacement sand (Inagaki
et al., 1996) indicate these friction angles in cyclic condition equal to about 10.2

◦

and 11.3
◦

respectively, which are about a half of the corresponding angles in one
loading cycle, i.e. static condition.

The caisson wall shown in Fig. 6.9 was displaced towards the sea about 4 to 5 m,
settled about 2 m and tilted about 4 to 5 degrees. If the wall deformation was caused
by the excessive back pressures, which developed as a result of liquefied backfill
soil, then the wall would not have settled 2 m as observed. The acceleration time
history of the ground beneath the wall is assumed to be the same as for the Nishi-
Akashi station with the amplitudes multiplied by a factor of 1.14 to obtain the peak
acceleration of 5.25 m/s2. The spatial distribution of the ground acceleration within
the port area is considered greater than the variation of ground motion along depth
and therefore deconvolution of the surface motion is not performed. For the wall
height of 16.5 m and the width of 12 m, the calculated wall and soil above the wall
mass is 4×105 kg. The wall and soil above mass moment of inertia around the centre
of gravity is 1.4×107 kgm2/m. Other values in the calculation that are assumed are
the unit density of soil beneath the wall 1800 kg/m3, the longitudinal wave velocity
beneath the wall 400 m/s, the unit weight of soil behind the wall 16 kN/m3, the
friction angle between wall and stone rubble/backfill 20◦. The maximum time step
for the algorithm stability is calculated as 0.1 s while the actual used is 0.01 s.

The results of calculations are given in Appendix A.9 and shown in Fig. 6.11 for
the horizontal component with the peak acceleration of 5.25 m/s2.

From Fig. 6.11 it is evident that the calculated wall co-seismic slip is about one
tenth of the observed average wall horizontal displacement, which is in accordance
with the conclusion of Inagaki et al. (1996) that the deformation mechanism was not
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Fig. 6.11 The time histories of ground acceleration, lateral earth force on wall and coseismic wall
slip for the caisson at Kobe port during the 1995 Hyogoken-Nanbu earthquake (Srbulov, 2006d, by
permission of Patron Editore)

due to the sliding alone of the caisson during earthquake shaking. The calculated
peak lateral force on the wall of about 1670 kN/m is about 60% of the horizontal
component of the force calculated according to the Mononobe-Okabe method using
the friction angle of soil φ = 15◦ = �, δ = 20◦. Likely reason for such a difference
is the wall slip, which prevented build up of greater load.

It is possible that the large wall displacement occurred when the friction angles
of landfill soil and replacement sand were decreased by cyclic loading to about
10◦. The factor of safety of slope stability in post-seismic condition is calculated
using the method of Bishop (1955) and a grid of centers of potential slip surfaces.
The minimum factor of safety of 0.82 is obtained for the slip surface shown in
Fig. 6.12a.

By finding the resultant forces of axial and tangential components of forces act-
ing on the slip surface it is possible to define a sliding block equivalent to a slip
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Fig. 6.12 (a) Post-seismic stability and (b) displacement of a caisson in Kobe port during the 1995
Hyogoken-Nanbu earthquake (Srbulov, 2006d, by permission of Patron Editore)

surface of any shape (e.g. Sarma, 1979). The calculation is performed automatically
using computer software (Maksimovic, 1988). The angle of inclination to the hor-
izontal of the equivalent block is 27.5◦, the equivalent friction angle on the sliding
surface of a single block is 17.4◦ and the equivalent axial stress is 189 kPa. The block
length is calculated as 18.5[sin (27.5◦)]−1 = 40 m, where 18.5 m is the slope height.
The block thickness is calculated as 189[16 × cos(27.5◦)]−1 = 13.3 m, where the
equivalent unit weight is assumed 16 kN/m3. The angle of block inclination at the
toe is assumed 27.5◦ for symmetry.

The motion of a block on a surface that is approximated by two plane basal
shear surfaces with assumed vertical interface (Fig. 6.12b) is analyzed according
to Ambraseys and Srbulov (1995) and Section 4.4.2. The friction angle of 13.3◦

corresponds to the initial factor of safety of 0.82 of the two-block model. The cal-
culated slip of 5.2 m along the slip surface, i.e. 4.6 m in the horizontal and 2.4 m in
the vertical direction, is in good agreement with the recorded maximum horizontal
displacements and the wall settlement of about 2 m. The post-seismic slip could
have happened within a time interval of 8 s.
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Dakoulas and Gazetas (2008) back calculated earth and water pressures acting
against the caisson quay walls using Pastor-Zienkiewich elasto-plastic constitutive
model applied within FLAC software. Calculated excess pore water pressure ratio
range between 0.6 and 0.9 towards the end of ground shaking is greater than the
maximum of 0.5 measured by Inagaki et al. (1996) during shaking table test. For
SPT blow count range between 10 and 20 in borehole 6-B’ (Fig. 6.9), excess pore
water pressure ratio varies between 0.5 and 0.8 in Figs. 2.6 and 9.3.

6.3.3.2 Case Study of the Kalamata Harbor Quay Wall

Not all quay walls exhibit extra large displacements during strong earthquakes.
Pitilakis and Moutsakis (1989) described and analyzed by two dimensional finite
elements the overall wall (Fig. 6.13) behavior during the 1986 Kalamata earthquake.
They found that the calculated acceleration at the top of the wall was almost 30%
larger than at its base, the behavior of the wall was not governed by a rigid plastic
movement, the wall and the neighboring backfill acted in a very similar way during
the seismic excitation and the vertical component of the ground motion had very
little effect on the magnitude of the seismic pressure.

On 13 September 1986, an earthquake of surface wave magnitude Ms = 6.2
occurred in the southern part of Peloponnesus. The epicentre of the main shock
was located 12 km north of the port of Kalamata. The depth of the main shock was
8 km. The main shock was recorded by two SMA-1 accelerometers located at the
basement of the 7 storey Prefecture Hall and the 2 storey Old P.T.T. Office. The
peak horizontal accelerations recorded at the basement of the Prefecture Hall were
2.11 and 2.91 m/s2 and at the basement of the P.T.T. Office 2.35 and 2.67 m/s2. The

Fig. 6.13 The cross section
of the Kalamata harbor quay
wall (Srbulov, 2007c, by
permission of Patron Editore)
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acceleration records used in this paper are from the P.T.T. Office (Ambraseys et al.,
2004).

A typical soil profile of the coastal area is shown in Fig. 6.13 from Pitilakis
and Moutsakis (1989). The quay wall is founded through a 2.5–3.0 m thick layer of
silty sand (SM) and gravely sand (SG) on the silty sand formation (SM-ML). This
formation covers a great part of the east costal area to a depth of 20 m. The mean
standard penetration test (SPT) blow count (N30) is about 20 and the shear wave
velocity of about 200 m/s (Pitilakis and Moutsakis, 1989). The upper formation is
underlain by a gravely sand formation (GS) which in turn lies on a marl formation at
a depth of 60–70 m. The results (N30) of SPT in the backfill material behind the wall
are shown in Fig. 6.13. An average N30 =10 through silty sand (SM) fill is adopted
in the upper half height of the wall and an average N30 =25 through gravely sand
and stone debris is adopted in the lower half height of the wall and below the wall
base for the calculations in this example.

During the 1986 Kalamata earthquake, the quay wall was displaced horizontally
about 15+5 cm and slightly rotated 4◦–5◦ seaward (Pitilakis and Moutsakis, 1989).
The acceleration time history of the ground beneath the wall is assumed the same
as for the P.T.T. Office. Although deconvolution of a linear elastic system should
theoretically produce a unique solution, practical difficulties often arise, e.g. Kramer
(1996). Also, the spatial variability of the ground accelerations in the area is more
likely to be greater than the assumed variation of ground acceleration with depth.
For the wall height of 11.6 m and the base width of 6.0 m, the calculated wall and
soil above wall mass is about 1.4×105 kg/m. The wall and soil above wall mass
moment of inertia around the center of gravity is 2.0×106 kgm2/m. Other values in
the calculation assumed based on experience are the unit density of soil beneath the
wall 1800 kg/m3, the longitudinal wave velocity beneath the wall 600 m/s, the unit
weight of soil behind the wall 16 kN/m3, the friction angle between wall and rock
fill 30◦. The maximum time step for the algorithm stability is calculated to be 0.06 s
while 0.01 s has been used.

The results of calculations are shown in Fig. 6.14 for the horizontal component
of ground motion with the peak acceleration of 2.67 m/s2.

From Fig. 6.14 it is evident that the calculated wall slip of 12 cm is within
the observed range of 15+5 cm. The calculated peak lateral force on the wall of
about 600 kN/m is about a half of the horizontal component of the force calcu-
lated according to the Mononobe-Okabe method using the friction angle of soil
φ = 15◦ = ψ, δ = 30◦. Likely reason for such a difference is the wall slip, which
prevented build up of greater load.

The average lateral force on the wall in the discrete element model was calculated
for the backfill friction angle equal to a half of the friction angle in static condition
throughout the time history. For this reason the calculated lateral forces on the wall
at the beginning of shaking are greater than they should be, because soil friction an-
gle does not decrease instantaneously on the onset of shaking but reduces gradually
with increasing number of pulses.
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Fig. 6.14 The time histories of ground acceleration, lateral earth force on wall and coseismic wall
slip for the Kalamata harbor quay wall during the 1986 Kalamata earthquake (Srbulov, 2007c, by
permission of Patron Editore)

6.3.3.3 The Effect of Assumed Soil Properties on Calculated Lateral Forces

A number of soil properties have been assumed for the calculation of lateral soil
forces on the walls. The effect of variation of soil properties on the calculated forces
is illustrated in Fig. 6.15. From Fig. 6.15, it follows that the effects can be significant
and that all relevant soil properties should be determined rather than assumed.

6.4 Single Degree of Freedom Oscillator on Flexible Base
for Piled Foundations and Flexural Retaining Walls

This section describes the use of a simplified method for consideration of dynamic
soil structure interaction (DSSI) effect on the peak horizontal acceleration of piled
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Fig. 6.15 The effect of soil properties on the lateral forces on the walls (Srbulov, 2007c, by per-
mission of Patron Editore)

foundations and flexural retaining walls. Piles and flexural retaining walls use their
strength and stiffness to transfer imposed loads to surrounding ground and to limit
local deformation.

Design of structures for earthquake resistance is frequently performed using
response spectra, which examples are shown in Fig. 1.6 and 2.9. The response
spectrum describes the maximum response of a single degree of freedom oscillator
(SDOFO) to a particular input motion as a function of the fundamental frequency
(or the fundamental period) and damping of the SDOFO, which model is shown in
Fig. 1.5. Many design codes contain design acceleration spectra represented by the
spectral shape dependent on ground types and the design ground acceleration. The
spectra are defined for SDOFO with rigid base condition (Fig. 1.5) without taking
into account soil-foundation interaction effects.

Several authors used SDOFO for consideration of DSSI effects (e.g. Stewart
et al., 1998, Wolf, 1985, 1994). Wolf (1985), among others, showed that DSSI
increases the fundamental period of a coupled system considering structure-
foundation-ground joint response and increases the damping ratio of the coupled
system in comparison with the fundamental period and damping of the structure in
rigid base condition, Fig. 1.5. The spectral acceleration decreases with the increase
in damping ratio and for the periods greater than the fundamental period of ground
vibration. Due to the increase in the fundamental period and damping ratio of the
coupled system, it is considered that DSSI is often beneficial and frequently ignored.
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Fig. 6.16 Undamped coupled
linear elastic SDOFO

SDOFO
mass ms

pile/wall spring 
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The DSSI effect is considered approximately using an equivalent SDOFO
(Fig. 6.16), with frequency and damping depend on the frequencies and dampings
of the representative structure with its foundation and the surrounding ground. The
peak pile/wall accelerations are obtained as the spectral accelerations of the equiv-
alent SDOFO and compared with the recorded peak foundation accelerations for
the case histories with available seismological, geotechnical and structural data and
with the lateral earth force according to the Mononobe-Okabe method. The spectral
accelerations of an equivalent SDOFO are usually defined with respect to the free
field peak horizontal ground accelerations. Eurocode 8 – Part 1 defines the response
spectra with respect to design ground acceleration on type A ground, i.e. rock.

6.4.1 Ground Motion Averaging for Kinematic Interaction
Effect Consideration

Earthquakes produce complex ground motion with the frequencies that span a
broad range. The frequencies are often concentrated around a predominant fre-
quency indicated in the response spectra. Due to differences in ground and pile/wall
stiffnesses, averaging of ground motion over pile/wall length is termed kinematic
soil-foundation interaction. Newmark et al. (1977) proposed a simple procedure for
averaging of free-field ground motion. Sarma and Srbulov (1996) used this approach
for analysis of a number of case histories including piled and shallow foundations.
Although the inclination of incoming seismic waves is frequently near vertical at
shallow depths because of the wave refractions at the boundaries between stiffer
and softer ground along the wave path from the source to ground surface, the spa-
tial wave incoherence occurs as a result of ground heterogeneity. It is not easy to
estimate such spatial incoherence for shallow foundations because of large ground
volumes and depths involved.

The expression for the average horizontal acceleration ah,t over a length along
pile/wall at time t (e.g. Sarma and Srbulov, 1996) when piles follow the ground
motion
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ah,t = 1

Ls

L∫

L−Ls

aldl

= ct

Ls

t∫

t−Ts

at dt

= 1

Ts
(vtp − vt−Ts ),

(6.57)

where Ls = ct 2πωe
−1 is a length along pile/wall over which ground motion is

averaged, L is the distance from pile/wall top to a referent point under the pile/wall,
al is ground acceleration at depth l along the pile/wall at time t , ct is soil transversal
waves velocity and is assumed equal to the velocity of transversal waves passing
through ground along the pile/wall, Ts = 2πω−1

e is the time (in seconds) necessary
for a seismic wave to pass along Ls and must be less or equal to the ratio between the
pile/wall length and ct , vtp and vt−Ts are the ground velocities below the pile/wall
tip at times t and t − Ts . The ground velocities can be obtained from corresponding
acceleration time history by numerical integration in time.

6.4.1.1 An Example of the Kinematic Soil-Foundation Interaction Effect

The response spectral acceleration ratios in Appendix A.10 are given for a SDOFO
with respect to the surface accelerations in the free field. Fig. 6.17 depicts the re-
sponse spectral acceleration ratios for 5% of the critical damping and Ts of 0.02 s
(the digitization time interval of the record from Fig. 2.10) and Ts of 0.1 s (for ex-
ample over 7.5 m long and stiff pile/wall in very soft ground with the transversal
wave velocity ct of 75 m/s). The averaging of high frequency (small period) ground
motion by the stiff structure caused a 25% decrease in the maximum elastic response
spectral acceleration.
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6.4.2 Acceleration Response Spectra Ratios for Inertial
Interaction Effect Consideration

The fundamental circular frequency ωe = 2πT −1
e of undamped coupled linear elas-

tic SDOFO (Fig. 6.16) is calculated from the following formula (e.g. Wolf, 1994):

1

ωe
2

= 1

ωs
2

+ 1

ωh
2

+ 1

ωr
2

(6.58)

where ωs is the natural circular frequency of pile(s)/wall in fixed base condition, ωh

is equal to the natural frequency of the dynamic model in the horizontal direction,
assuming that pile/wall is rigid (infinitely stiff) and that the foundation cannot rock
(the rocking stiffness is infinite), ωr equals the natural frequency corresponding to
the rocking motion for pile groups (infinitely stiff) and with no horizontal motion of
the foundation (the horizontal stiffness is infinite). Rocking motion is negligible for
relatively thin flexural retaining walls. In reality, the horizontal and rocking motions
of foundations are coupled and not independent. The natural circular frequency ωs

of pile(s)/wall for rigid base condition is:

ωs =
√

ks

ms
, (6.59)

where ks are the coefficient of lateral stiffness of pile(s)/wall and ms is their mass.
Determination of the natural circular frequencies of pile group in horizontal ωh

and rocking ωr motion can be rather complex. Novak and Grigg (1976), Poulos
(1979), Wolf (1994), among others, used the concept of dynamic interaction factors
between only two piles within a pile group. The presence of other piles is disre-
garded; the corresponding reflections and refractions are not taken into account. In
the simplified method used in this section, piles/wall is represented by an equiva-
lent deep foundation. A deep foundation is modeled by a stack of embedded disks
over the foundation depth in the strength-of-material approach by Wolf and Deeks
(2004).

The circular frequencies ωh and ωr are determined from the peaks of ratios
between the amplitudes of the horizontal and rocking motion of embedded disks
and the amplitudes of free-field ground motion. The free-field ground motion for
vertically propagating shear waves with circular frequency ω is described by Wolf
and Deeks (2004) as

u f (z, ω) = u f (ω) · cos
ω

ct
· z, (6.60)

where the depth z is measured downwards from the free surface, u f (ω) is the
surface amplitude of the free field ground motion, ω is the ground circular fre-
quency, ct is ground transversal wave velocity. Computer program CONAN (by
Wolf and Deeks, 2004, http://www.civil.uwa.edu.au/∼deeks/conan/) is used for the
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calculations. Layered soil sites and half space or rock bases can be considered. Soil
properties required for the calculations are unit density ρ, Poison’s ratio ν, shear
modulus G and damping ratio ξg , from Subsection 2.2.1. The radii of the equivalent
disks for the vertical motion rv are calculated as:

rv =
√

Npiles · r2
pile

rv =
√

bc · lc

π

(6.61)

The radii rh of the disks for the horizontal motion are

rh = 4

√
Npiles · r4

pile

rh = 4

√
bc · lc

3

3 · π

(6.62)

The radii rr of the disks for the rotational motion are

rr = 4

√
4 · Ir

π

Ir =
N piles∑

1

(
r4

pile · π

4
+ r2

pile · π · y2
pile

)

Ir = bc · lc
3

12
,

(6.63)

where rpile is a half of pile diameter, ypile is the shortest distance between pile
centroid and the neutral axis of rotation, bc and lc are the breadth and length of a
rectangular pile cap. The rocking motion is negligible for relatively thin flexural
retaining walls.

The effects of material damping and of radiation damping are separated (Wolf,
1994) to derive simple expressions that lead to physical insight. This is achieved
by considering the effect of material damping on the damping coefficients only.
The equivalent hysteretic damping ratio ξe determined at resonance is used over the
whole range of frequency of a coupled SDOFO (Wolf, 1994)

ξe = ωe
2

ωs
2

· ξs + (1 − ωe
2

ωs
2

) · ξg + ωe
2

ωh
2

· ξh + ωe
2

ωr
2

· ξr , (6.64)

where ξs is structural hysteretic damping ratio, ξg is soil hysteretic damping ratio,
radiation damping ratio in horizontal direction is ξh and in rotational motion of a
pile group is ξr . The values of ωe and ωs are given in Equations (6.58) and (6.59)
respectively. The circular frequencies ωh and ωr are determined from the peaks of
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ratios between the amplitudes of the horizontal and rocking motion of embedded
disks and the amplitudes of free-field ground motion using the computer program
CONAN mentioned earlier.

Clough and Penzien (1993) described the procedure for determination of ξs ; ξg

can be obtained from Table 2.2. The radiation damping ratio in the horizontal direc-
tion ξh of a pile/wall is according to Wolf (1994)

ξh = ah · zh

2 · rh

zh = π · rh · (2 − ν)/8

ah = ωh · rh

ct
,

(6.65)

where rh is according to Equation (6.62), ν is soil Poisson’s ratio, ct is soil transver-
sal wave velocity, ωh is the circular frequency of horizontal motion.

The radiation damping ratio in rotational motion ξr of a pile/wall cap is according
to Wolf (1994)

ξr= ar · cr

2 · kr
(6.66)

For ν < 1/3,

cr= zr · ct

rr · cp

zr = 9

8
π (1 − ν) · rr

ar = ωr · rr

cp

kr = 1

(6.67)

and for 1/3 < ν < 1 / 2

cr = zr

2 · rr

zr = 9

8
π (1 − ν) · rr

kr = 1 − 0.6 · (ν − 1

3
) · zr

rr
· a2

r

ar = ωr · rr

2 · ct

(6.68)

where rr is according to Equation (6.63), ν is soil Poisson’s ratio, ct is soil transver-
sal wave velocity, cp is soil longitudinal wave velocity, ωr is the circular frequency
in rotational motion.
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6.4.2.1 Case Studies of Peak Horizontal Accelerations of Pile Caps

The objective of the case studies is to indicate accuracy and precision of the use of
elastic acceleration spectra of coupled SDOFO for prediction of the peak accelera-
tion of piled foundations and flexural retaining walls.

1. Ohba-Ohashi Road Bridge in Japan. Ohira et al. (1984) presented the re-
sults of observations of the response of foundation piles of a road bridge in the
city of Fujisawa in Kanagawa prefecture of Japan. The Kanagawa-ken Seibu
earthquake with magnitude 6.0 occurred on the 8 August 1983. Its epicentral
distance was at 20 km and the hypocentral depth at 42 km according to Ohira
et al. (1984). The recorded peak horizontal acceleration of the foundation was
36.7 cm/s2 along the bridge axis and of the ground surface 113.5 cm/s2 at a
distance of 70 m away from and parallel to the bridge axis. The bridge spans a
valley about 400 m wide at the location of the bridge crossing. The sediments
in the valley involve diluvial deposits of cohesive soil and fine sand, with the
shear wave velocity of 400 m/s, upon which extremely soft alluvial strata of
humus and silt, with the shear wave velocity between 40 and 65 m/s, exist.
The depth of the top soil at the location of instrumented pier No. 6 is about
22 m. The instrumented pier No. 6 is supported by 64 steel pipe piles of diam-
eter 600 mm and length 22 m; half are battered at 5 v:1 h. The pile cap size is
12×12 m. An estimated coefficient of the lateral stiffness of the pile group is
about 7×108 N/m. The power spectra of recorded horizontal accelerations in
direction of the bridge axis at the pile cap indicate the equivalent fundamental
period of about 1.3 s, which corresponds to ωe of 4.8 rad/s. Estimated lumped
mass is 3×106 kg and the height of the lumped mass is 10 m above the foun-
dation. The values of Ts = 0.44 s and ξe = 0.125 were used in the analyses by
Srbulov (2006c).

2. Meloland Road Overpass in California. Werner et al. (1987) applied a system
identification methodology to the array of strong-motion recordings, in order
to assess the seismic response characteristics of the bridge, located east of
El Centro in California, shaken strongly by the 1979 Imperial Valley earth-
quake. A two-span reinforced concrete box girder structure is located only
0.5 km away from the causative fault for the earthquake, with a local magni-
tude 6.6, which occurred on the 15th October 1979. The horizontal peak ac-
celerations in the free field were 0.315 g (000 component) and 0.296 g (270
component). The recorded peak accelerations of the pile cap were 0.28 g (000
component) and 0.33 g (270 component). A single pier of the bridge is sup-
ported by 25 timber piles of 0.3 m diameter and 15 m length. The piles are
driven into medium stiff sandy clay with an average SPT N value of 14 accord-
ing to Meymand (1998). The transversal wave velocity of 219 m/s corresponds
to the 14 NSPT, according to equation (6.56). The Fourier amplitude spectra
(Werner et al. 1987) for the transverse (270 component) motion at the base
of the pier indicate the predominant equivalent frequency of 0.375 Hz, which
corresponds to ωe of 2.35 rad/s. Based on the bridge fundamental frequency in
the transversal direction to the bridge axis of 2.47 Hz, the structural damping
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ratio of 0.072 (Werner et al., 1987) and the coefficient of lateral stiffness of the
structure ks =260 MN/m (Zhang and Makris, 2001), an estimated lump mass
is 1.1×106 kg and the height of the lump mass is 7.0 m. The values of Ts =
0.068 s and ξe = 0.086 were used in the analyses by Srbulov (2006c).

3. Chiba Warehouse in Japan. Tominaga et al. (1989) provided data concerning
a warehouse founded on steel tubular piles and improved reclaimed land by
sand compaction piles in the Keiyo industrial area along the east side of Tokyo
Bay. The Chibaken-Toho-Oki earthquake affected the area in December 1987.
The earthquake occurred offshore (east) of Chiba prefecture about 50 km away
from Chiba. The USGS NEIC database lists the surface wave magnitude of 6.4,
the epicentre at 35.36◦N, 140.21◦E, the depth of 62 km and the origin date on
the 17th December 1987. The free field peak horizontal ground acceleration
recorded was 2.53 m/s2 in E-W direction of 1.77 m/s2 in N-S direction. The
peak acceleration recorded on the floor of the warehouse was 1.18 m/s2 in E-W
direction and 1.07 m/s2 in N-S direction. Therefore a significant attenuation
took place, possibly due to soil-structure interaction. The intense ground mo-
tion lasted about 20 s. The top 15 m below the ground surface was densified
using compaction piles. The ground water level is about 5 m below the ground
surface. The rack type warehouse is 127.75 m long in E-W direction, 33.3 m
wide and 28.4 m high, constructed in 1984/85. Steel pipe piles about 25 m long
support the rack. The natural period T of the fixed base structure is according
to the Uniform Building Code (1997) 0.0853 h0.75

n where hn is height in meters
above the base to level that is uppermost in the main portion of the structure.
In this case T is 1.0 s and ωs is 6.28 rad/s. Estimated lumped mass per two pile
group is 4×105 kg based on assumed their design capacity. Estimated height
of the lumped mass is 14 m above the foundation. The values of Ts = 0.069 s,
ωe = 4.0 rad/s and ξe = 0.038 were used in the analyses by Srbulov (2006c).

4. Hollywood Storage Building in California. Fenves and Serino (1990) pro-
vided data on the response of the building in Los Angeles shaken by a number
of earthquakes in time. The 9th February 1971 San Fernando earthquake had
a local magnitude of 6.4. It occurred at the epicentral distance of 35 km from
the building. The earthquake induced the peak surface ground acceleration of
0.17 g in the transversal and 0.21 g in the longitudinal direction of the building
at the parking lot some 42 m away, which may not be far enough for true free
field condition. The peak accelerations recorded at the base of the building were
0.11 g in the transversal direction and 0.15 g in the longitudinal direction of the
building. The 1st October 1987 Whittier earthquake had a local magnitude of
5.9. It occurred at the epicentral distance of 25 km from the building. The earth-
quake induced the peak surface ground acceleration of 0.20 g in the transversal
and 0.11 g in the longitudinal direction of the building at the parking lot some
42 m away. The recorded peak accelerations at the base of the building were
0.11 g in the transversal direction and 0.06 g in the longitudinal direction of the
building. Sandy clay layer exists to a depth of about 60 m below the ground
surface. This layer is underlain by sedimentary formations, which rest on slate.
The fourteen-storey reinforced concrete building is 66 m long, 15.5 m wide and
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45.5 m high, constructed in 1925. The foundation consists of concrete piles that
vary in length from 3.6 m at the edge of the building to 9 m near the centre and
they are located at large spacing. Observed fundamental period of the building
oscillation in the longitudinal direction is 0.6 s and in the transversal direction
1.9 s. An estimated lumped mass is 2.7×107 kg based on live load of 5.3 kPa
per storey area and the self-weight of the structure. An estimated height of the
lumped mass is 23 m above the foundation. The values of Ts = 0.034 s, ωe =
6.87 radians/s in the longitudinal and 3.11 rad/s in the transversal direction and
ξe = 0.182 in the longitudinal and 0.034 in the transversal direction were used
in the analyses by Srbulov (2006c).

5. Imperial Valley County Services Building in California. Hadjian et al.
(1990) reported the case of the building severely damaged in the 1979 Impe-
rial Valley earthquake with a local magnitude 6.6 on the 15th October 1979.
Lee et al. (1982) reported the horizontal peak accelerations in the free field
(104 m away from the building) as 0.20 g (N02E component) and 0.22 g (N92E
component) and on the ground floor of 0.29 g (NS component) and 0.34 g (EW
component). The recording instrument is located about 38 m from the centre
of the building. Both torsion and/or soil/structure (near) resonance could have
caused the increased peak accelerations. The ground profile consists of layers
of mixed clay, silt and sand. The 6 storey reinforced concrete building has an
area of 60×124 m. It is supported on 204 Raymond step-taper piles driven 14 m
trough soft to stiff sandy clay. The predominant period of the structure is 0.61
and 1.75 s in NS and EW direction respectively according to Hadjian et al.
(1990). In this section, an estimated lump mass is 3×107 kg based on assumed
1.5 MN design bearing capacity of Raymond piles. The estimated height of the
lumped mass is 9 m. The values of Ts = 0.083 s, ωe = 3.55 rad/s in EW and
9.24 rad/s in NS direction and ξe = 0.027 in EW and 0.25 in NS direction were
used in the analyses by Srbulov (2006c).

6. Pacific Park Plaza Building in California. Celebi and Safak (1992) provided
the preliminary analyses of the response of the building shaken by the 1989
Loma Prieta earthquake. The 17th October 1989 Loma Prieta earthquake had
a surface wave magnitude of 7.1 and the epicentre at 97 km from the building.
Two free-field stations (located about 33 and 126 m away from the building)
recorded the horizontal peak accelerations of 0.22 and 0.26 g. The recorded
horizontal peak accelerations on the ground floor of the structure were 0.17
and 0.22 g. The underlying soil consists of several layers of silty fine sand
fill, soft black silty clay (Bay mud), and very stiff to hard silty clay (old Bay
mud). The depth to hard soil (silty sandy clay) is 33–50 m. The thickness of
the Bay mud is 12–15 m. The 30-storey (95 m high), three-winged 17×34 m
each at 120◦, ductile moment-resistant reinforced concrete framed Pacific Park
Plaza Building, located in Emeryville east of San Francisco California, was
constructed in 1983. The building is founded on 1.5 m thick reinforced con-
crete mat over 828 35.5 cm square precast concrete piles driven 30 m beneath
and along the column lines. The predominant frequencies at approximately
0.4 Hz and 1.0 Hz were identified visually by Celebi and Safak (1992) from
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the acceleration response and also from the Fourier amplitude spectra of the
processed records, which reveal significant torsional motion. Forced vibration
tests performed earlier by others indicated the first vibration mode frequency
of about 0.6 Hz. In this section, an estimated lump mass is 6×107 kg and the
height of the lumped mass is 47 m above the foundation. The values of Ts =
0.15 s, ωe = 3.11–3.55 rad/s and ξe = 0.19–0.23 were used in the analyses by
Srbulov (2006c).

7. Norwalk Buildings in California. Celebi (1993) considered responses of two
adjacent buildings, offset by 16.3 m, in Norwalk during the 1987 Whittier
earthquake. The earthquake with a surface wave magnitude of 5.6 occurred
on the 1st October 1987. The recorded peak accelerations in the free field were
0.21–0.25 g (NS components) and 0.09–0.13 g (EW components). The recorded
peak accelerations at the basement were 0.20–0.21 g (NS components) and
0.11 g (EW component). The upper medium dense (3–5 m depth) to dense
(8–10 m depth) granular soil are underlain by older Pleistocene non-marine
deposits. Building A is a 7 storey rigid steel frame structure with its basement
supported on concrete piles, which length varies from 8.6 to 11.6 m. The plane
dimensions are 70×43 m and its height including the basement is 33.4 m. Build-
ing B is a 7 storey ductile moment resisting frame structure with its basement
resting on 9.1 m deep caissons. The plan dimensions are 141×41.5 m and its
height including the basement is 34.4 m. Building A has identical first-mode
frequencies of 0.65 Hz for both building axes. Building B has fundamental
modes at 0.76 Hz and 0.83 Hz in the major and minor axis respectively. Low
amplitude vibration tests conducted before the earthquake indicated the funda-
mental frequency of about 1 Hz for building A. In this example, the estimated
lump masses of the buildings are 2×107 kg for building A and 4.7×107 kg for
building B. The estimated heights of the lump masses are 17 m. The values of
Ts = 0.038 s, ωe = 4.02 rad/s for the building A and 4.88 rad/s for the building
B and ξe = 0.024 for the building A and 0.036 for the building B were used in
the analyses by Srbulov (2006c).

8. Painter Street Bridge in California. Makris et al. (1994) provided data on the
response of a concrete bridge located near Rio Dell shaken by the Petrolia earth-
quake. The 25th April 1992 Petrolia earthquake had a local magnitude of 7.1. It
occurred at a fault distance of 18 km. The earthquake induced the peak surface
ground acceleration of 0.55 g in the transversal and 0.39 g in the longitudinal
direction of the bridge in the nearby field some 20 m away. The recorded peak
accelerations at the pile cap were 0.48 g in the transversal direction and 0.34 g
in the longitudinal direction of the bridge. Medium dense clayey to gravely
sand and sandy silt exists to a depth of 10 m below the ground surface. This
layer is underlain by very dense gravely and silty sand. The upper 10 m of soil
has a shear wave velocity of 250 m/s and density 1600 kg/m3. The shear wave
velocity of 350 m/s and density of 2200 kg/m3 are assumed to 40 m depth. The
structure is a continuous two-span, cast-in-place, pre-stressed post-tensioned-
concrete, box-girder bridge constructed in 1973. Two pile groups, each consist-
ing of 4×5 driven concrete piles of 0.36 m diameter and 7.62 m length, support
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the bridge. The pile cap dimensions are 3.66×4.57 m. An estimated lumped
mass is 1.13×106 kg and the fundamental frequency ωs 21 rad/s according to
Makris et al. (1994). The estimated height of the lumped mass is 6 m above the
foundation. The values of Ts = 0.03 s, ωe = 10.2 rad/s and ξe = 0.125 were
used in the analyses by Srbulov (2006c).

9. Eleven Storey Apartment House in Japan. Ohta et al. (1980) described
recordings carried out to investigate the soil-structure interaction between a
structure on piled foundation and soft alluvial subsoil. The records from seven
earthquakes were obtained but only the seventh earthquake induced ground ac-
celeration of some significance. The earthquake occurred off Miyagi in Japan
on the 12th June 1978 at 17:14 local time. The earthquake magnitude was
7.4 (according to Japanese scale), its focal depth was 40 km and the epicen-
tral distance 350 km. The earthquake caused peak horizontal ground acceler-
ation of 0.041 and 0.056 of the gravitational acceleration in the longitudinal
and transversal direction of the building some 35 m away from the building.
The peak horizontal accelerations recorded on the ground floor were 0.035
and 0.061 g in the longitudinal and transversal direction of the building. The
eleven-storey apartment house is made of reinforced concrete and steel com-
posite frame, with bearing walls in the transversal direction and frame system
in the longitudinal direction. The structure is 8.35 m wide, 42 m long and 31 m
high. The structure rests on cast-in place concrete piles, which are approxi-
mately 26 m long and 1.3–1.5 m in diameter. The structure is connected by an
expansion joint to an adjacent building with a similar structure. The thickness of
the top alluvial silt deposit at the site is about 25 m; diluvial sandy gravel, sand
and clay deposits exist under the top layer. The fundamental period of vibration
of the soil layers is 0.7 s according to the peak spectral acceleration based on
recorded free field acceleration.

10. The Dumbarton Bridge in California. Fenves et al. (1992) described and an-
alyzed by finite elements the response of 2226 m long and forty three span
bridge to the 1989 Loma Prieta earthquake. The 1989 Loma Prieta earthquake
had a magnitude ML = 7.1 and the epicenter at approximately 55 km from
the bridge. The peak horizontal accelerations in two orthogonal directions were
0.127 g in the free field at a site approximately 1.2 km from the west approach
to the bridge. The peak horizontal accelerations recorded in the longitudinal
direction of the bridge were from 0.167 g to 0.307 g and in the transversal di-
rection from 0.077 g to 0.126 g. The smallest peak accelerations were recorded
at the pier 13, which is located near the middle of the approach structure, and
the largest peak accelerations were recorded at the pier 17, which is located
at the end of the main structure. The main channel structure between piers 16
and 31 consists of several 60 m spans, two 70 m spans and one 104 m span
in the centre between piers 23 and 24. Two trapezoidal steel box girders with a
composite 0.24 m thick lightweight concrete deck are continuous over the piers.
The box sections have an average width of 7.6 m and a nearly constant height
of 2.9 m. The two approach structures have 45.75 m spans consisting of five
1.37 m high hollow triangular girders constructed of prestressed lightweight
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concrete, with composite 0.21 m thick lightweight concrete deck. The ends of
the girders are supported on the transverse bent caps of the piers, and there are
intermediate diaphragms between girders at the third points of each span. The
approach structures are founded on 15 m to 18 m thick and the main structure on
3 m thick soft clay. The soft clay layer is underlain by stiffer silty clay, older bay
clay, and the formation of very stiff clay. The depth of bedrock is believed to
be at least 180 m. The piers of the approach structures have from 28 to 43 piles.
These are either 0.5 diameter prestressed concrete piles or 0.56 m diameter steel
piles. The pile lengths are from 18 m to 24 m. The pier foundations of the main
structure have either 21 to 32 prestressed concrete piles with 1.37 m diameter,
or 52 steel piles with 0.56 m diameter. The piles are embedded approximately
15 m and extended approximately 15 m from the mudline through the water to
the pile cap at the mean water elevation. The fundamental vibration period of
the instrumented spans is 1.92 s in the longitudinal direction. The fundamental
vibration period in the transversal direction is 2.15 s for the piers 13–15, 1.2 s
for the pier 17 and 1.6 s for the central pier 21. The structural masses are es-
timated from Equation (6.59). The stiffnesses ks are obtained from the ratios
between the calculated shear forces and the horizontal displacement obtained
from processed acceleration records at the top of the piers.

11. The Northwest Connector in California. Fenves and Desroches (1994) de-
scribed and analyzed by finite elements the response of 775 m long and sixteen
spans connector to the 1992 Landers and Big Bear earthquakes. The Landers
event, with a magnitude of Ms =7.6 and at an epicentral distance of 80 km,
induced the free field peak horizontal ground acceleration of 0.09 g. The same
day Big Bear event, with a magnitude of Ms =6.6 and at an epicentral distance
of 45 km, induced the free field peak horizontal ground acceleration of 0.11 g.
The recorded peak horizontal accelerations of the pile cap located about a quar-
ter length of the connector were about 0.1 g during the Landers and Big Bear
earthquake. However, the recorded peak horizontal accelerations of the pile cap
located at the mid span of the connector were about 0.17 g in both directions
during the Landers earthquake and 0.25 g (in the longitudinal direction) and
0.15 g (in the transversal direction) during the Big Bear earthquake. The con-
nector is curved reinforced concrete 12 m wide and 2.4 m high box girder bridge
over sixteen spans supported by single columns and diaphragm abutments. The
structural system consists of six frames, connected at five intermediate hinges.
The connector crosses the northern segment of the San Jacinto fault zone. The
site consists of deep unconsolidated alluvial deposits about 300 m thick. The
top soil layer generally involves medium to dense clean and silty sand with
varying thickness from 6 m to 18 m. The 28–48 pile groups contain 0.3 m square
precast prestressed piles. The pile lengths range from 6 m to 15 m. Thirty addi-
tional around the perimeter driven steel pipe piles are 0.4 m diameter and 18 m
to 25 m long. The fundamental vibration mode of the structure has a period
of 1.5 s, the second mode 1.2 s, the third mode 1 s and 0.8 s, 0.65 s and 0.55 s
respectively at higher modes during the Landers earthquake. The fundamental
vibration mode of the structure has a period of 1.8 s, the second mode 1.25 s, the
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third mode 1.15 s and the fourth mode 0.95 s during the Big Bear earthquake.
According to the response spectra, the free field predominant period was 0.6 s
with a secondary period at about 1.9 s during the Landers earthquake and about
0.6 s with secondary periods at about 0.3 s and 1.8 s. The structural masses are
estimated from Equation (6.59). The stiffnesses ks are obtained from the ratios
between the calculated shear forces and the horizontal displacement obtained
from processed acceleration records at the top of the piers.

6.4.2.2 Summary of the Case Studies

The relevant data of the case histories analyzed by Srbulov (2006c) are given in
Table 6.3. The results of the calculations are shown in Fig. 6.18. The overall accu-
racy of the prediction method is good but its individual precision is poor when aver-
age spectral horizontal accelerations (e.g. Ambraseys et al., 2005a) are considered
for piles groups. The scatter of the predictions based on the average spectral accel-
erations is about a half of the scatter of the predictions of peak horizontal ground
accelerations in the free field based on empirical attenuation relationships, Equa-
tion (3.6). As the prediction of ground motion in the free-field is rather uncertain,
greater accuracy should not be expected for the prediction of pile/wall motion.

6.4.2.3 An Example of Calculation of Dynamic Lateral Ground Force
on a Flexural Retaining Wall

The supporting height Hw = 5 m is considered as in Sections 6.3.2. The coefficient
of lateral stiffness ks of a cantilever wall fixed at its toe and uniformly loaded is
(e.g. Gieck and Gieck, 1997) ks = 8Ew Iwl−3

w , where Ew is wall Young modulus,
Iw is second moment of wall cross section area, lw = 15 m is assumed wall height
measured from its toe, Fig. 6.19. For a reinforced concrete wall Ew is about 21 GPa
and Iw = t3

w/12 per meter length, where assumed wall thickness tw = 1 m. For wall
mass per 1 m length ms = 37500 kg/m’, ωs = 10.5 rad/s (Equation 6.59).

Fig. 6.18 Recorded versus
predicted foundation to
free-field peak horizontal
acceleration ratios
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Fig. 6.19 Cross section of the
retaining wall in the example

1m

5m

10m
15m

The radii of the equivalent disks for the horizontal motion rh = 0.56 m per meter
length of the wall (Equation 6.62). As expected, the calculations using CONAN
confirm that the circular frequencies ωh of the flexural wall are close to the circular
frequencies of ground motion. For a layer thickness equal to the wall height lw =
15 m, considered blow counts (N1)60 of 20, 35 and 50, the corresponding transversal
wave velocities ct = 244, 294 and 327 m/s respectively from Equation (6.30), the
fundamental circular ground frequencies ωh = 2π ct (4 × lw)−1 = 25.5, 30.8 and
37.1 rad/s respectively. From Equation (6.58), the equivalent circular frequencies of
the coupled wall-ground system ωe = 9.7, 9.9 and 10.1 rad/s respectively.

In comparison, the predominant circular frequencies of ground accelerations
for the records from Table 6.2 are 15.7 rad/s for the records A1 and A2, 28.5 &
57.1 rad/s for the record A3, 25.1 rad/s for the records B1 and B2 and 12.5 rad/s for
the record B3

The structural hysteretic damping ratio is assumed ξs = 0.02. From Tables 6.2
and 2.2 it follows that ξg is about 0.08. From Equation (6.65) and for assumed ν =
0.25, ξh = 0.020. From Equation (6.64), ξe = 0.02 for ξr = 0.

For ωe of about 10 rad/s and ξe = 0.02, the spectral accelerations at the period
of 2π /10 = 0.63 s for the records from Table 6.2 are 7.5 m/s2 (record A1), 5 m/s2

(records A2 and B2), 4 m/s2 (records A3), 7 m/s2 (record B1), 8 m/s2 (record B3)
according to data by Ambraseys et al. (2004). For assumed uniform distribution of
ground acceleration along the wall height, the corresponding lateral dynamic ground
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Fig. 6.20 Results of comparison of dynamic lateral forces acting on the flexural wall in the
example
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forces on the wall for active wedges inclined at 45◦ + φ/2 to the horizontal (for
assumed soil friction angle in cyclic condition φ = 0.83(N1)60 according to Srbulov
(2005a) and unit density of soil ρ = 2000 kg/m3) are shown in Fig. 6.20.

The procedure is applicable to anchored walls as well. The anchor stiffness is
simply added to the wall stiffness ks . Anchor stiffness is the ratio between applied
force and resulting displacement at its head.

6.5 Summary

Several simplified methods for analyses of dynamic soil-foundation interaction are
described in this section:

� Formula for the calculation of the peak horizontal acceleration of foundations
of rigid structures with lumped mass can provide good results. It must be re-
membered that this model does not consider soil-foundation interaction and soil
properties in addition that it is unable to account for higher modes of structural
vibration and for resonance condition.

� Closed form solution in time for analysis of gravity walls in seismic condition
does not consider wall sliding, which is assumed to be prevented by a fixed lateral
support. The only mode of wall movement considered is rotation. The solution
uses the assumption of the lateral dynamic force acting on wall comparable to
the Mononobe-Okabe method.

� Time stepping procedure for gravity retaining walls and caissons used for the
case of base sliding is suitable when the permanent displacement is co-seismic.
For post-seismic permanent displacement, two sliding blocks method described
in Sub-section 4.4.2 provides more realistic results.

� Single degree of freedom oscillator (SDOFO) on flexible base when applied to
piled foundation indicates good accuracy of prediction of peak foundation ac-
celeration on average but poor precision of prediction for individual cases. It
may not be surprising when the prediction of peak ground acceleration in the
free-field is rather uncertain. When SDOFO on flexible base is applied to flexural
retaining walls, it predicts the values of lateral forces on the walls comparable to
Mononobe-Okabe method.



Chapter 7
Bearing Capacity And Additional Settlement
of Shallow Foundation

7.1 Introduction

Ground shaking caused by earthquakes can affect shallow foundations in several
ways:

� Cyclic degradation of soil strength, associated with plastification and the devel-
opment of excess pore pressures, may allow a bearing capacity failure to take
place, such as punching through or rotational type failures.

� Significant horizontal inertial forces induced by earthquakes can change the fail-
ure mechanism to one in which the bearing capacity of shallow foundations is
mainly controlled by sliding resistance or overturning.

� Liquefaction or a significant loss of soil shear stiffness in cyclic condition of soil
layers beneath and around a foundation can result in very large settlements of
shallow foundations and therefore loss of serviceability of structures supported
by such foundations.

� Re-distribution of excess pore pressures after an earthquake can lead to softening
or failure in ground that was not so affected during the earthquake itself. The
magnitude and timescales for this effect can be relatively short for granular soils.
In cohesive soils, dissipation of excess pore pressures is a process of consolida-
tion that can take many months or years.

The objective of this chapter is to describe pseudo-static analyses of bearing ca-
pacity and additional settlements of shallow foundations.

7.2 Bearing Capacity: Pseudo-Static Approaches

The bearing capacity of a shallow foundation can be assessed based on several meth-
ods such as described in Section 4.2 for soil slopes as shown in Fig. 7.1 or Annex F
of Eurocode 8, Part 5 (2004).

In a simplified pseudo-static approach, the bearing capacity of shallow foun-
dation in seismic condition can be calculated as the bearing capacity of shallow
foundation in static condition but with an apparently increased ground surface

M. Srbulov, Geotechnical Earthquake Engineering,
C© Springer Science+Business Media B.V. 2008
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Fig. 7.1 Trial slip surface for
calculation of foundation
bearing capacity in seismic
condition

Footing

inclination. For horizontal acceleration due to the earthquake, the increased ground
surface inclination is arctan (0.65ap,h g−1), where ap,h is the peak horizontal ground
acceleration and g is the gravitational acceleration. A correction factor which ac-
counts for inclination of ground surface is given by Hansen (1970).

The method used in Appendix A.11 for calculation of bearing capacity of shallow
foundation in static condition based on Eurocode 7, Part 1, Annex D (2004) contains
a correction factor for the inclination of the foundation base, instead of the ground
surface. The angle of inclination of foundation base to the horizontal can be taken
equal to arctan (0.65ap,h g−1).

7.3 Bearing Capacity: Effects of Sub-Surface Liquefaction

If the thickness of top non-liquefied soil crust is small then punch through type
failure can occur, Fig. 7.2.

In the case of punch through type failure, a shallow foundation can sink until the
buoyancy force acting on the failed mass comes into equilibrium with the applied
load. The vertical foundation capacity Fv in the case of punch-through failure is (eg.
SNAME, 1997)

Fv = Fv,b − A f · Hl · γ + 2
Hl

B f

(
Hl · γ + 2p0

′) Ks tan φ · A f (7.1)

where Fv,b is determined assuming the foundation bears on the surface of the lower
liquefied layer, A f is foundation area, Hl is distance from foundation level to the

Fig. 7.2 Punching through
mode of failure in
post-seismic condition
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level of liquefied layer below, γ is unit weight of non-liquefied soil (γ ′ if submerged),
po’ is effective overburden stress at the foundation depth, Ks is the coefficient of
punching shear that is calculated from the equation Ks · tan φ = 3cu

B f ·γ , φ is friction
angle of non-liquefied layer, cu is undrained shear strength of liquefied sand layer
(= 0.05 to 0.12 of the effective overburden pressure acting on the top of liquefied
layer, Section 5.1), B f is diameter of an equivalent circular foundation, and:

Fv,b = (cu · Nc + p0
′) · A f , (7.2)

where cu is again the undrained shear strength of liquefied sand layer (Section 5.1),
Nc is bearing capacity factor taken as 5.14, po

′ is effective overburden pressure, A f

is foundation area.

7.4 Bearing Capacity: Effects of Structural Inertia
and Eccentricity of Load

Rotational type failures can occur when the inertial force acting on structure causes
an excessive eccentricity of loading on the foundation, Fig. 7.3.

Bearing capacity of soil is defined for an effective foundation area, i.e. the area
which centroid coincides with the location of the resultant force on foundation. If the
ultimate bearing capacity of soil beneath the effective foundation area is exceeded in
seismic condition then soil failure is initiated. Footing displacement caused by such

Alternating inertial force on structure

Footing

Weight of 
structure in 
post-seismic 
condition

σtanφ or cu

σ

Effective footing area

Eccentricity of 
the resisting 
forces

Resultant force

Eccentricity of the permanent driving force

Fig. 7.3 Rotational type failure of a shallow foundation initiated by the inertial forces acting on a
structure and driven by self weight of structure in post-seismic condition
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failure may be small during each seismic pulse because of its short duration and
reversible direction. The number of strong earthquake pulses is usually small and
does not cause global foundation failure unless the incremental displacements are
accumulated in one direction because of asymmetric conditions (eg. heterogeneous
soil beneath foundation, two closely adjacent buildings preventing free swaying of
each of them) or soil liquefaction. Accumulated unidirectional displacement causes
eccentricity of the permanent driving force (structural weight) and further increase
in permanent displacements. One approach to the analysis of this type of failure
is to use the same methods as are used for slope stability analyses, described in
Subsection 4.2.

7.4.1 An Example of Calculation of Bearing Capacity of Shallow
Foundation in Seismic Condition

A strip foundations with width of 1 m is considered resting on the surface of ho-
mogeneous frictional only soil with φ = 35◦ or cohesive only soil with cu =
50 kPa. Considered unit weight of soil is 19 kN/m3. Considered ratio between
the vertical and the horizontal component of ground acceleration is 1/2. The re-
sults are compared with the results of the procedure given in Annex F of Eu-
rocode 8, Part 5 (2004) for the foundation under a vertical centered load, as
shown Fig. 7.4.

In the example, only the effect of horizontal ground acceleration on soil mass
under the foundation is considered for the case that the load on the foundation is
applied over a roller bearing, with the horizontal force and moment on the foun-
dation equal to zero. In applied Eurocode procedure, it is assumed that the soil
factor S = 1.15 for cohesive soil is for C ground type, which is predominantly stiff
clay. Significant difference in the results obtained by the use of these two methods
is evident for cohesive soil only. Faster decrease of the ultimate load according to
Annex F of Eurocode 8, Part 5 (2004) is caused by the dimensionless soil inertia
force i.e. the expression 1 − 0.21 · F−1.22.
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Fig. 7.4 Ultimate loads on 1 m wide strip foundations
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7.5 Additional Settlement in Granular soils

Significant additional settlement of a shallow foundation only occurs if the stiff-
ness of coarse granular soil is decreased during ground shaking. If this occurs,
the main additional foundation settlement is driven by gravity forces in post-
seismic (soil consolidation) stage, similar to the slope displacement described in
Subsection 4.4.2.

Ohsaki (1970) reported on settlements from 0.5 m to 0.7 m of a 5 m thick
layer of very loose sand in Hachinohe, Japan, due to the 1968 Tokachioki earth-
quake of magnitude 7.9. Settlements from 0.5 m to 1 m were observed at Port and
Rokko Island in Kobe, Japan, due to the 1995 Hyogoken Nanbu earthquake of
magnitude 6.9.

Liu and Dobry (1997) described eight centrifuge model experiments conducted
to investigate the mechanism of liquefaction induced settlement of a shallow founda-
tion, as well as the effectiveness of sand densification by vibro compaction under the
foundation. They found that as soil becomes more impervious, significant negative
excess pore pressures can develop under the foundation during shaking, and the
contribution of post-shaking foundation settlement increases, while the total foun-
dation settlement does not change very much compared to more pervious soil. They
provided summarized plots of normalized foundation settlements versus normalized
widths of the two to four storey residential and commercial buildings in the 1964
Niigata earthquake of magnitude 7.5 in Japan and in the 1990 Luzon earthquakes of
magnitude 7.8 in Philippines, which indicates that the widths of the buildings were
a predominant factor for the settlements of the buildings.

The estimated liquefaction depth was 6 m to 10 m during the 1990 Luzon earth-
quake and 5 m to 18 m during the 1964 Niigata earthquake. The blow counts of the
SPTs conducted in the areas after the events varied in the range from 0 to 20 in
Dagupan city in Philippines and 0 to 30 in Niigata. The ratio between the building
width and the thickness of liquefaction was mostly in the range from 0.5 to 2.0,
i.e. the building widths were in the range from about 3 m to about 35 m. The ratio
between averaged foundation settlement and thickness of liquefaction was in the
range from about 0.08 to 0.18 for the building width to thickness of liquefaction
ratio of 0.5 and in the range from 0 to 0.1 for the building width to thickness of
liquefaction ratio of 1.5. The settlements were in the range from about 0.25 m to
0.5 m for the building width of 3 m and in the range from 0 to 2.5 m for the building
width of about 20 m.

Foundation settlement is caused by the vertical load acting on foundation, i.e. by
additional vertical effective stress within soil caused by such load. In a simplified
approach, the additional vertical stress �σv at a depth z > 0 caused by point load
Fp at the ground surface can be calculated according to Boussinesq (1885) formula.

�σv = 3 · Fp · z3

2 · R5

R =
√

z2 + dh
2 > 0,

(7.3)
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where dh is the horizontal distance between the location where the load Fp is acting
and the location where the stress is calculated. The foundation settlement �s caused
by softening of a deep soil layer is calculated according to the following formula,
provided that punching through type failure of the top non-liquefied soil crust does
not occur.

�s =
Dl∫

Dt ·tl

�σv

Md
dz, (7.4)

where Md is soil deformation modulus, which is inversely proportional to the coef-
ficient of soil volumetric compressibility that is discussed in Section 2.6, Dl is the
maximum depth of liquefied soil layer, tl is the thickness of the layer.

7.5.1 Examples of Estimation of Additional Settlement Caused
by Sand Liquefaction

Consider a square foundation of plan dimensions 1×1 m2 and a rectangular founda-
tion of dimensions 1×10 m2. If the foundation pressure in both cases is 100 kPa, the
acting forces would be 100 kN to 1000 kN on the square and rectangular foundation
respectively. For the square foundation and depth range from 6 m to 10 m within
liquefied soil, the corresponding �σv range based on Equation (7.3) is from 4.1 kPa
to 1.5 kPa. For the rectangular foundation and depth range from 5 m to 18 m within
liquefied soil, the corresponding �σv range based on Equation (7.3) is from 60 kPa
to 4.6 kPa.

Stroud (1988) used the ratio between actual and ultimate foundation load as an
indirect measure of strain level. He compiled a large number of data for normally
and over consolidated sand and clay and presented charts relating average secant
modulus beneath the foundations and N60 from SPTs. For the ratio between ultimate
and actual foundation load greater than 3 (i.e. the factor of safety greater than 3),
soil deformation modulus is equal to N60 in MPa, according to Stroud (1988). If
liquefied layer has N60 less than one then soil modulus is less than 1 MPa. Using this
value of 1 MPa together with the changes of stress mentioned above, the calculated
additional settlements based on Equation (7.4) are greater than 0.01 m for the square
foundation and greater than 0.3 m for the rectangular foundation, which are still less
than the settlements caused by punching through type failure.

Tokimatsu and Seed (1987) provided a chart for estimation of volumetric strain
after liquefaction of saturated sand in a magnitude 7.5 earthquake from the cyclic
stress ratio and normalized standard penetration resistance (N1)60. Large volumetric
strain variation of 10 times is shown for the variation of (N1)60 from zero to 10 and
100 times for the variation of (N1)60 from zero to 20.

Ishihara and Yoshimine (1992) provided a chart for estimating post liquefac-
tion volumetric strain of sand without fines as a function of factor of safety against
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liquefaction or maximum shear strain. Large variations of the volumetric strain be-
tween 20% and 55% are predicted for the factor of safety against liquefaction of just
less than one and the relative density of 30% (i.e. SPT’s N of 3). Consequently, the
accuracy of predicted additional foundation settlement may not be great.

7.6 Summary

A shallow foundation with an adequate static factor of safety may be capable of
sustaining the additional loads caused by inertial forces induced by ground motion.
Even so, very strong ground motion can change the critical failure mode, such that
the bearing capacity may become mainly controlled by sliding resistance of soil.
Very strong ground motion can also cause decrease of soil shear strength and stiff-
ness in cyclic condition and soil liquefaction. In such cases, the following events
may happen:

� Punching through type failures occur if the thickness of the top non-liquefied
soil crust under foundation is not sufficient to sustain foundation load. A simple
formula can be used to analyze this type of failure.

� Global rotational type failures occur during and after earthquakes when the in-
cremental displacements are accumulated in one direction because of symmet-
ric conditions (eg. heterogeneous soil beneath foundation, two closely adjacent
buildings preventing free swaying of each of them) or soil liquefaction. One ap-
proach to the analysis of this type of failure is to use the same methods that are
used for slope stability analyses.

� Large foundation settlements are caused by significant decrease of soil stiffness/
liquefaction in cyclic condition. If no punching through type failure occurs then
simple formulae can be used for assessment of additional foundation settlement.
If punching through type failure occurs then foundation settlement is dependent
on value of buoyancy force necessary to achieve equilibrium with the punched
through soil volume.



Chapter 8
Seismic Wave Propagation Effect on Tunnels
and Shafts

8.1 Introduction

It may seem that underground structures are not at great seismic risk unless they
are located within active faults or within liquefied soil zones. One might argue that
such structures are confined within surrounding ground and that they follow the
deformation of the surrounding ground. However, experience in the 1995 Hyogoken
Nanbu (Kobe) earthquake shows this to be incorrect. The earthquake caused the
failure of parts of the underground Daikai Station that was located away from an
active fault, and where the ground did not experience soil liquefaction.

Dowding and Rozen (1978) studied the response of 71 tunnels in rock to earth-
quake motions. The damage ranged from cracking to closure in 42 cases. Sharma
and Judd (1991) compiled a database on the response of 192 tunnels during 85
earthquakes throughout the world; 94 of the tunnels suffered from small to heavy
damage. More than half the damage reported was caused by events that exceeded
magnitude 7 of the Richter scale, and nearly 75% of the damage reported occurred
within 50 km of the earthquake epicentre. There was no damage in tunnels where
the horizontal peak ground acceleration was up to 0.2 g. In most cases where dam-
age was reported, the peak ground accelerations were larger than 0.4 g. The data
show that shallow tunnels are at greater risk during earthquakes than deeper tunnels;
roughly 60% of the total cases had overburden depths less than 50 m and suffered
some damage. Ground type is also important; 79% of the openings excavated in soil
were reported to have suffered some damage.

The objective of this chapter is to describe simplified methods for analysis of
tunnel and shaft response to ground motion.

8.2 Wave Propagation Effect on Cut and Cover Tunnels
and Shafts

Gazetas et al. (2005) performed 2D numerical analyses of the behaviors of the cut
and cover station of Sepolia, the under construction tunneled station at Monastiraki
and the temporary prestressed anchor piled wall at abandoned Kerameikos station
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affected by the surface wave magnitude 5.9 Mount Parnitha earthquake in 1999.
The peak accelerations measured at Sepolia station of 0.17 g at the station base
and 0.43 g at the station roof were almost equal to the design accelerations cal-
culated under the assumption that the station responds as an above ground struc-
ture. The successful performances of the temporary structures at Monastiraki and
Kerameikos, which experienced ground surface peak accelerations of the order
of 0.50 g, were explained by Gazetas et al. (2005) as a result of inherent flex-
ibility of the wall in stiff soil, with shear wave velocity range from 350 to
720 m/s.

Huo et al. (2005) studied the collapse of the Daikai Station, a cut and cover struc-
ture in the subway system in Kobe, during the 1995 Hyogoken-Nanbu earthquake in
Japan. The tunnel and access sections adjacent to the station, with similar structural
characteristics and analogous soil conditions, did not collapse. Huo et al. (2005)
conducted 2D dynamic finite element analyses by ABAQUS software package to
investigate the load transfer mechanisms between the underground structure and the
surrounding soil and to identify the causes for different behavior of similar sec-
tions subjected to the same seismic loading using a hysteretic nonlinear soil model.
The model investigated two factors that influence the response of an underground
structure: the relative stiffness between the structure and the degraded surrounding
ground and the frictional characteristics of the interface. Huo et al. (2005) concluded
that a stiff structure and a strong interface have beneficial effect on the structural
behavior.

Srbulov (2007c) proposed a simplified analysis of wave amplitude effect on a
cut and cover tunnel, and demonstrated the analysis for the case of the 1995 Daikai
Station failure.

8.2.1 Case Study of the Daikai Station Failure in 1995

The station was built between 1962 and 1964 by cut and cover method in Kobe city
in Japan. The station is located about 15 km from the epicentre of the Hyogoken-
Nanbu earthquake with a moment magnitude of 6.9, which occurred at 5:46 a.m.
on 17 January 1995 local time and date. The earthquake hypocentral depth was
about 17.9 km, according to PEER database. According to this database, the two
horizontal and vertical peak ground accelerations were 2 × 0.61 g and 0.27 g re-
spectively at Takatori station, which is located about 13 km from the epicentre
of the Hyogoken-Nanbu earthquake. The peak horizontal displacements were in
the range from 33 cm to 36 cm in the horizontal directions at Takatori station,
with averaged ground shear wave velocity of 256 m/s in the upper 30 m below
the ground surface according to PEER. During the earthquake, more than 30
columns of the central section of the Daikai station completely collapsed over a
total length of about 110 m, which caused the failure of the overlying concrete roof
slab and resulted in a 2.5 m subsidence on the road above the subway according to
Huo et al. (2005).
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Fig. 8.1 Sketch of the layout
and longitudinal section of
the Daikai Station
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The Daikai station contains three main parts: the main section of the station,
which collapsed, the subway tunnels section and the station access section with two
underground levels where no severe damage occurred, Fig. 8.1.

The collapse section consisted of a rectangular reinforced concrete box struc-
ture, which was 17 m wide and 7.17 m high, with central columns spaced at 3.5 m
in the longitudinal direction. The columns were about 5.5 m high and had a rect-
angular reinforced concrete cross section of 0.4 m by 1.0 m. The columns in the
failed section had 30 bars of 32 mm diameter in the axial direction and ties of
9 mm diameter spaced at 350 mm as transverse reinforcement. The compression
tests on column’s concrete specimen indicated strength values of about 39.7 MPa.
The yield stress of the reinforcing steel was 235.2 MPa. The top of the concrete
roof in this section was located about 4.8 m below the ground surface. The tunnel
section consisted of a smaller rectangular reinforced concrete box structure 6.36 m
high by 9.0 m wide, with a series of central columns with reinforced concrete cross
section 0.4 m by 0.6 m spaced at 2.5 m. The top of the concrete roof in this sec-
tion was located about 5.2 m below the ground surface. The station access section
consisted of a reinforced concrete structure 10.12 m high and 26.0 m wide, with
central columns identical to those in collapsed section. The top of the concrete
roof in this section was located about 1.9 m below the ground surface according to
Huo et al. (2005).

It is worth mentioning that the station section of the same cross section like the
collapsed section but on the other side of the station access section did not collapse.

The site of the Daikai Station is composed of man made fill up to 2 m thick,
soft Holocene alluvial deposits about 5–7 m thick and dense Pleistocene deposits
down to the bedrock at several kilometers depth. The ground profile at the failed
section was investigated by two boreholes. Transversal wave velocity is 120 m/s at
5 m depth, varies from 200 to 250 m/s at a depth range from 8 to 17 m, and linearly
increases from 230 m/s at 17 m depth to 400 m/s at 30 m depth.

The station had a drainage system at the bottom slab. The ground water level
was located at a depth of 6–8 m below the ground surface, which was 3–5 m lower
than in 1959, prior to the construction of the station (e.g. Huo et al., 2005). Ground
conditions have a significant influence on structural motion.

Deformed shape of the vertical section of Daikai station which failed is shown in
Fig. 8.2.

Using CONAN software, Srbulov (2007c) obtained that the difference between
the free field displacement and the structural displacement is minimal, i.e. a few
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Fig. 8.2 Envisaged
displacements in cross
section of the collapsed
section of the Daikai Station
magnified 10 times for clarity
(Srbulov, 2007c, by
permission of Patron Editor)
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percent only. The horizontal displacement Δ is estimated from the peak ground
displacement of 0.36 m. A practical difficulty is the assessment of differential hor-
izontal displacement along the station depth. For a shear wave velocity of about
200 m/s and the predominant period of 2 π/3 = 2.1 s it follows that the wave
length is 200 × 2.1 = 420 m. The predominant circular frequency of 3 radians/s
is inferred from the relative displacement spectrum at Takatori station (PEER).
For the maximum wave amplitude of 0.36 m, it follows that the maximum dif-
ferential displacement Δ over the station height of 7.17 m could have been up to
0.36 × sin[90◦ × 7.17× (0.25 × 420)−1] = 0.039 m. An alternative would be to use
SHAKE analyses to calculate differential horizontal displacements at the tunnel top
and bottom.

From Fig. 8.2 and for Δ = 0.039 m it follows that the angle θb = 0.039/7.17 =
0.0054 radians. It is assumed that the rotation of the end of the central column was
also 0.0054 radians. It is assumed that the vertical force on the central column is
4.8 × 8.5 × 3.5 × 19 × (1 + 0.27) = 2713 + 732 kN during seismic shaking. The
maximum axial stress due to the vertical force is (2713 + 732) × (0.4 × 1.0)−1 ∼
8.6 MPa, which is only 21.5% of the concrete yield strength of about 40 MPa. The
bending moment M and transversal force T at the top of the column due to the
horizontal displacement Δ and rotation θb are calculated according to Blake (1989)
for a beam with fixed opposite end:

M� = 6 · E · Ia · �

h2
h

, T� = 12 · E · Ia · �

h3
h

Mθ = 4 · E · Ia · θb

hh
, Tθ = 6 · E · Ia · θb

h2
h

,

(8.1)

where E is Young modulus, Ia is the second moment of area, free column height
hh = 7.17−0.8−0.85 = 5.52 m. For a homogenous cross section Ia = 1.0×0.43 ×
12−1 = 0.0053 m4. For Young modulus E = 2 × 107 kPa, it follows that MΔ =
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793 kNm, TΔ = 287 kN, Mθ = 415 kNm and Tθ = 113 kN. For a homogeneous
cross section it follows that the additional axial stress due to the bending moments
is (793 + 415) × 0.2 × (0.0053)−1 = 45585 kPa. The maximum summary axial
stress is 8.6 + 45.6 = 54.2 MPa, which is about 135% of the concrete yield strength
of 40 MPa.

For the subway running tunnel section, the same procedure results in Δ =
0.034 m, θb = 0.0054 radians, the vertical force on the central column is 5.2 ×
4.5 × 2.5 × 19 × (1 + 0.27) = 1111.5 + 300 kN, the maximum axial stress due
to the vertical force is (1111.5 + 300)(0.4 × 0.6)−1 ∼ 5.9 MPa, MΔ = 428 kNm,
TΔ = 155 kN, Mθ = 250 kNm and Tθ = 68 kN for hh = 5.52 m, the additional axial
stress due to the bending moments is (428 + 250) × 0.2 × (0.0032)−1 = 42375 kPa
for a homogeneous cross section with Ia = 0.6 × 0.43 × 12−1 = 0.0032 m4 and the
maximum summary axial stress is 5.9 + 42.4 = 48.3 MPa, which is about 120% of
the concrete yield strength of 40 MPa.

For the station access section, the same procedure results in Δ = 0.054 m, θb =
0.0054 radians, the vertical force on the central column is 1.9×8.5×3.5×19×(1+
0.27) = 1074+290 kN, the maximum axial stress due to the vertical force is (1074+
290)(0.4 × 1.0)−1 ∼ 3.4 MPa, MΔ = 473 kNm, TΔ = 111 kN, Mθ = 269 kNm and
Tθ = 47 kN for hh = 8.52 m, the additional axial stress due to the bending moments
is (473 + 269) × 0.2 × (0.0053)−1 = 28000 kPa for a homogeneous cross section
with Ia = 1.0×0.43 ×12−1 = 0.0053 m4 and the maximum summary axial stress is
3.4 + 28 = 31.4 MPa, which is about 78% of the concrete yield strength of 40 MPa.

The calculated similar maximum axial stresses within the subway tunnel sec-
tion, where no severe damage occurred, and within the main section of the station,
which collapsed, does not necessarily mean that the simplified procedure used is
incorrect. The same cross section like the collapsed section but on the other side
of the station access section did not collapse. The localized damage to a part of
the station could be the result of the fault directivity effect (Section 3.3.1), which
may have caused an amplification of the ground motion within a limited area of the
station.

Penzien (2000) presented an analytical procedure for evaluating the racking de-
formation of rectangular and circular tunnel linings caused by soil-structure interac-
tion during a seismic event.

8.2.2 Case Study of a Ten Story Building in Mexico City

Case history for a shaft has not been found so far. Piled foundation is considered
instead. Mendoza and Romo (1989) described the failure of a ten story building
supported on piles through soft soil during the 1985 Michoacan earthquake with
magnitude Ms = 8.1 at an epicentral distance of 350 km from Mexico City. The
peak acceleration of the record obtained at Ciudad Universitaria was only 0.035 g.
However, Mexico City is situated partly on soft lake deposits, which likely amplified
bedrock motion. Transversal wave velocities through the lake deposits vary in the
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range from 30 m/s from 2.6 m below the ground surface to 75 m/s at 49 m depth, with
exception of two stiffer layers at 28 to 29 m depth with transversal wave velocity of
150 m/s and 32 to 35 m depth with transversal wave velocity of 130 m/s according
to Stephenson and Lomnitz (2005). They also indicated that the layer at 49 to 160 m
depth has transversal wave velocity of 475 m/s. The top 2.6 m of soil above ground
water level is hard crust with the transversal wave velocity likely comparable to the
velocity of stiffer deep layers. The basement of the building was located at 2.6 m
depth.

One-dimensional vertical wave propagation from the bedrock towards the ground
surface in the free field is analyzed using SHAKE program. Change in the shear
modulus and damping ratio of the soft deposits with shear strain is adopted accord-
ing to Ovando-Shelley et al. (2003). SHAKE provided time histories of shear strain
at specified depths. Horizontal displacements at these depths were calculated by the
integration of the strain along depth.

According to engineering beam theory, bending moment Mb in beam and piles is

Mb = E · Ia · d2u

dz2
, (8.2)

where E is Young modulus of pile material, Ia is the second moment of pile cross
section area, d2u(dz2)−1 is the second derivative of pile horizontal displacements.
The second derivatives of the horizontal displacements are calculated along depth,
as shown in Fig. 8.3. Larger Mb(E Ia)−1 ratios are evident at a depth of 2.6 m (where
pile tops are located), at a depth of 6 m where the soil transversal wave velocity
increases from 30 to 40 m/s and at a depth of 16 m where the soil transversal wave
velocity increases from 40 to 50 m/s. These results are explained by seismic wave
refraction at the boundaries of layers with different transversal wave velocities.

If it is assumed that the pile bending followed the ground bending then the max-
imum bending moment in the piles was about 0.07 × 2 × 107 × 0.54 π × 64−1 =
1384 kNm The maximum compressive stress in the piles due to pile bending was
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Fig. 8.3 The maximum values of the second derivatives of the horizontal displacements of soil
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1384×(0.53 π/32)−1 = 1.1×105 kPa, which is extremely great. Therefore, it seems
that the pile failures occurred in bending leading to a complete building toppling.

8.3 Wave Refraction Effect on Deep Tunnels and Shafts

The influence of wave refraction at the boundaries between two materials with sig-
nificantly different transversal wave velocities is considered below for piled foun-
dations. There is a lack of data for shafts and deep tunnels.

Mizuno (1987) documented a number of pile flexural failures at locations too
deep to be caused by loading from pile top in soil that could not possibly have
suffered a severe loss of strength due to liquefaction. Damage was associated with
the presence of strong discontinuities in strength and stiffness of the soil profile,
suggesting that relatively large local curvatures would be imposed on the piles by
the surrounding soil as the soil deforms in association with the propagating seis-
mic waves. Gazetas and Mylonakis (1998) concluded that the kinematic bending
moment in piles depends on the following factors:

� The stiffness contrast between any two consecutive soil layers in the deposit,
which can be represented by the ratio of the square of the respective shear wave
velocities.

� The boundary conditions at the head of the pile cap, i.e. fixed or free head.
� The proximity of the excitation frequency to the fundamental (first) natural fre-

quency of the soil deposit.
� The ratio between the depths measured from the top of the pile down to the

interface of the layers with the sharpest stiffness contrast and the active length of
the pile, beyond which a head-loaded pile behaves as an infinitely long beam.
The approximate formula (eg. Poulos and Davis, 1980) for the active length
La ∼ 1.5(E p E−1)1/4dp, where E p and E are Young modulus of pile and soil
respectively and dp is pile diameter.

In fact, the bending of piles during earthquakes at the contact of two layers with
different shear wave velocities can be explained considering wave refraction. Using
Fermat’s principle, Snell showed (e.g. Kramer, 1996) that the ratio between sinus
of the angle between the wave path and the normal to the interface between two
layers and the velocity of longitudinal or transversal waves is constant. Snell’s law
indicates that waves traveling from higher velocity materials into lower velocity
materials will be refracted closer to the normal of the interface (Fig. 8.4) and vice
versa.

Fig. 8.4 Constant ratios
between the sinuses of angle
to transversal wave velocities
according to Snell’s law
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The angle θb, which can be used in Equation (8.1) to calculate bending moment
and transversal force in a pile, shaft or a deep tunnel, is simply a difference be-
tween the angles α1 and α2 of the wave paths on two sides of an interface. Practical
difficulty is in determining the initial angle of wave propagation, which is dependent
on the location of earthquake hypocentre and the shear wave velocity distribution
along the hypocentral depth.

8.4 Summary

Tunnels and vertical shafts (as well as piles) are confined by surrounding ground
and must experience similar displacements as the surrounding ground.

� Differential displacements and additional rotations, which are presumably caused
by different ground wave amplitudes along wave propagation path at a time
instant, of the columns of a cut-and-cover station section are calculated using
simple formulae. Simple formulae are also used for calculation of additional
stresses within the columns that failed at the Daikai station in 1995.

� The effect of different transversal wave velocities (shear stiffnesses) of horizontal
layers on bending moments of piles is considered using the results of SHAKE
computer program for the soil and piles that failed under a ten story building in
Mexico city during the 1985 Michoacan earthquake.

� The change of angle of propagation of ground waves (wave refraction) when
waves arrive inclined to the interface between materials with different transversal
wave velocities is calculated using a simple formula.



Chapter 9
Comments on Some Frequent Liquefaction
Potential Mitigation Measures

9.1 Introduction

Potentially liquefiable sand can be treated to eliminate or decrease its liquefaction
potential or the effects of sand liquefaction (such as flow failure, excess pressure on
structures and additional structural displacements) can be accommodated because
the triggering factor for sand liquefaction, i.e. earthquake, cannot be controlled.
Many mitigation measures, which are aimed at increasing sand density i.e. its shear
strength, increasing its permeability and/or decreasing its degree of saturation, exist
(e.g. Kramer, 1996, Schaefer et al., 1997). Comments are made in this chapter on
some of the more frequently used methods.

9.2 Stone Columns

Stone columns, with 0.7 m to 1 m diameter and down to 20 m depth, performed
satisfactorily during and after a number of strong earthquakes in western United
States and Japan (e.g. Port and Harbor Research Institute, Ministry of Transport,
Japan, 1997).

Stone columns are usually constructed by vibratory probes, which penetrate
ground under self-weight, usually aided by water jetting. Horizontal vibrations of
the probe are induced by rotating eccentric weights mounted on a shaft driven by
a motor housed within the casing. The probe displaces and densifies sand along its
penetration depth. Stone backfill is introduced in controlled batches, either from the
surface down the annulus created by penetration of the probe or through feeder tubes
directed to the tip of the probe. Re-penetration of each stone backfill batch forces
the stone radially into the surrounding soil, forming a vibro-stone column that is
tightly interlocked with the soil in a system which has lower compressibility, higher
shear strength and permeability than natural soil (e.g. Schaefer et al., 1997).

Despite extensive research and development concerning stone columns, field tri-
als are still the best and most reliable method for the column design. Because stones
are frequently displaced within soil matrix, the standard and cone penetration tests
are difficult to perform to the full depth of the columns. Measurement of transversal
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wave velocity after the column installation is an efficient way for construction qual-
ity control and to check that liquefaction potential has been eliminated.

Correlations between transversal wave velocity and the soil resistance to lique-
faction are still under development. Andrus and Stokoe (1997, 2000) compiled a
chart similar to Fig. 5.2. The transition between liquefied and non-liquefied zone is
rather steep at the transversal wave velocity of about 200 m/s. The chart shown in
Fig. 5.2 may be used when (N1)60 is calculated from Equation (6.56) or similar or
taken from Table 3.1 of Eurocode 8, Part 1 (2004).

9.3 Soil Mixing

Stone columns in soil with over 20% fines are not as efficient as stone columns in
sand. Soil-cement grid walls were effective in preventing ground liquefaction and
accompanying lateral flow during major earthquakes (e.g. Schaefer et al., 1997).

Soil mixing with cementations materials is achieved by mixing shafts consisting
of auger cutting heads (usually 0.5 m to 4 m in diameter and down to 20 m depth),
discontinuous auger flights and mixing paddles. As the mixing augers are advanced
into soil, grout is pumped through their stems and injected into soil at their tips.
The grout is thoroughly mixed with soil by the auger flights and mixing paddles.
At desired depth, the augers are withdrawn with continuous mixing to achieve a
continuous column of higher strength and stiffness than natural ground. A variant
of mechanical soil mixing is jet grouting where soil is mixed with cement grout
injected horizontally through rotated nozzle under high pressure in a previously
drilled borehole (e.g. Kramer, 1996).

For whole soil mass mixtures that are not located under structures, the minimum
uniaxial compressive strength Su of the samples taken from mixed soil should be
greater than twice the radius rMC of the Mohr – Coulomb circle defined by Equation
(9.1) based on Fig. 9.1 and multiplied by a factor of safety. For soil mixtures that are
located under structures, the cyclic shear stress τ induced by the structure should be
used instead.

rMC =
√

τ 2 + σv
′2

4
· (1 − Ko

′)2, (9.1)

where shear stress τ is determined from Equation (5.1), σv
′ is effective overburden

pressure at a depth, K ′
o is coefficient of soil lateral pressure (typically approximated
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Fig. 9.2 A slant view of soil-cement grid walls and the square areas of soil stabilized by each walls

as 1 − sin φ′ following simplified expression by Jaky (1944), for normally consoli-
dated soils, where φ′ is soil friction angle.

When soil is stabilized by cement in ground that is rich in sulphate salts, or
with water rich in these salts, then sulphate resistant cement must be used in place
of ordinary Portland cement. This is to avoid shear strength loss due to sulphate
attack (e.g. Rollings et al., 1999), and stiffness degradation including swelling (e.g.
Puppala et al. 2004). Lime stabilized soil can also suffer from similar damage caused
by chemical reactions in sulphates rich soil or water (e.g. Sivapullaiah et al., 2000).

For cost effectiveness, soil-cement grid walls are used instead of whole soil mass
mixing, Fig. 9.2.

The minimal uniaxial compressive strength Su of the samples taken from soil-
cement walls must be greater than the strength of whole soil mass mixture for the
ratio 0.5 s tw−1. The contribution of shear strength of soil between the walls should
not be considered because the peak shear strengths of soil between the walls is
activated at much larger shear strains than the peak shear strength of soil-cement
mixture as indicated in Fig. 4.2. If soil between the walls exhibits full shear stress τ

then it liquefies.

9.4 Excess Water Pressure Relief Wells

The relief wells should dissipate excess pore water pressure �u as sand volcano
does, Fig. 3.22. The excess pore water pressure build-up is caused by increase in
confining stresses.

A pore pressure ratio ru = �uσ′−1 according to Equation 2.11, when the fric-
tion angles in cyclic conditions φ are obtained from Fig. 5.6 to 5.8, is shown in
Fig. 9.3.

The time of the excess pore water pressure build-up is assumed to be equal to the
duration of the equivalent harmonic cycle described in Section 2.5. Dissipation of
excess pore water pressure in time in the vertical direction is assumed to be accord-
ing to Terzaghi’s (1925) theory of primary consolidation. The theory involves the
following assumptions:
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Fig. 9.3 Excess pore water pressure ratios versus (N1)60 from SPTs based on Figures 5.5 to 5.7

� Soil is homogeneous and saturated.
� Soil compression in the vertical direction only is caused by squeezing out of

water from the voids.
� Ground water discharge velocity v is proportional to the product of the hydraulic

gradient i and coefficient of permeability k (Darcy’s law).
� The coefficient of consolidation cv = k(γwmv)−1 is constant, where k is coef-

ficient of permeability of soil, γw is unit weight of water, mv is coefficient of
volume compressibility of soil.

The method is described in many text books. The governing equation is

�ut

�t
= k

γw · mv

· �2ut

�z2
, (9.2)

where ut is excess pore water pressure at time t and depth z, k is the coefficient
of permeability of soil in Darcy’s Law (units of velocity), γw is the unit weight of
water (usually taken as 9.81 kN/m3 or 10 kN/m3 in earth’s gravity), and mv is co-
efficient of volume compressibility of soil (units of strain/stress). For the boundary
conditions:

� ut = �u at any depth and at time t = 0, where �u is the excess pore water
pressure caused by the earthquake.

� ut = 0 at z = 0, at the top at time t > 0.
� ut = 0 at z = 2H at time t > 0 where 2H is the thickness of liquefied layer

when that layer is bounded above and below by freely drainable materials, within
which the excess pore pressures are effectively zero and unaffected by the earth-
quake. In any other case, H is the length of the longest path of excess pore water
pressure dissipation.

The excess pore water pressure at any depth z at any time t is (e.g. Simons and
Menzies, 1977)
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ut = 4 · �u

π

m=∞∑

m=0

(−1)m

2 · m + 1
· e−(2·m+1)2·π2·Tv/4 · cos

[
(2 · m + 1) · π · (H − z)

2 · H

]
,

(9.3)

where the time factor Tv = cvt H−2. Degree of consolidation Uz at any depth z is
defined as Uz = 1 − ut (�u)−1.

For radial pore pressure dissipation due to presence of pressure relief wells,
Equation (9.1) can be written as

�ut

dt
= cvr ·

(
�2ut

�d2
r

+ 1

dr
· �ut

�dr

)
, (9.4)

where ut is excess water pressure at time t, dr is radial distance measured from
centre of the well, cvr = kh(mv γw)−1, kh is the coefficient of permeability of soil in
the horizontal direction. For the solution of Equation (9.4), the following boundary
conditions are used, Fig. 9.4:

� ut = �u at any radial distance and at time t = 0.
� ut = 0 at dr = rw (rw is the radius of the well) at time t > 0.
� �ut/�r = 0 at dr = re (re is a half of the distance de between wells centre to

centre).

Barron (1948) solved the problem of equal strain consolidation with no smear.
The excess pore water pressure ut at any time t and at radial distance r is

ut =
4 · �u · exp

(
−8 · Tr

/
Fn

)

de
2 · Fn

[
re

2 · ln

(
dr

rw

)
− dr

2 − rw
2

2

]

Tr = cvr · t

de
2

Fig. 9.4 Cross section and
layout of pressure relief wells

de
de

rw

2H
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Fn = rr
2

rr
2 − 1

· ln(n) − 3 · rr
2 − 1

4 · rr
2

rr = re

rw

, (9.5)

where the symbols used in Equation (9.5) are defined above. The degree of consol-
idation Ur due to radial drainage Ur = 1 − ut (�u)−1. Carrillo (1962) defined the
overall degree of consolidation when dissipation of excess pore water pressure takes
place in both the vertical and radial direction simultaneously U = 1 − ( 1 − Uz)
(1 − Ur ). When liquefaction occurs then U = 0.

Absence of liquefaction does not mean absence of large deformations. Also,
pressure relief wells can become clogged in time by bacteria and algae grow or
by siltations from surrounding soil when ground water level oscillates in time.

9.4.1 An Example for Pressure Relief Wells

In the example given in the Handbook on Liquefaction Remediation of Reclaimed
Land by the Port and Harbor Research Institute, Ministry of Transport, Japan
(A.A. Balkema, Rotterdam, 1997) ru = 0.2, the equivalent time to attain lique-
faction is 5 s, the coefficient of soil permeability is 3 × 10−4 m/s, the coefficient of
soil compressibility mv = 3 × 10−5 m2/kN, i.e. cv = k(γwmv)−1 = 1 m2/s, the
coefficient of drain permeability is 0.1 m/s, the well radius rw = 0.3 m, the well
depth H = 10 m. From the design charts given in the handbook, the well spacing
de = 1.5 m.

The simplified procedure in Appendix A.12, based on Equations (9.3) and (9.5),
indicates greater than 95% degree of consolidation at any time and consequently
no liquefaction occurrence. For layered soil, the computer program FEQDrain
(http://nisee.berkeley.edu/elibrary/Software/FEQDRAIN.ZIP) described by Pestana
et al. (1997) could be used.

9.5 Summary

Some frequently used methods for elimination or minimization of liquefaction po-
tential are commented on in this section.

� Stone columns are used when the amount of fines (particles with diameter less
than about 0.005 mm) does not exceed about 20%. The method of installation
of stone columns tends to increases the density of natural soil and therefore its
resistance to liquefaction. Increased stiffness and water permeability of column-
soil system contribute to increased safety.

� Soil mixing with cement is used when the amount of fines (particles with
diameter less than about 0.005 mm) exceeds about 20%. Increased shear strength
of mixed soil can sustain shear stresses induced by earthquakes. Sulphate resistant
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cements must be used in soil and ground water containing soluble sulphate salts,
which are aggressive to ordinary Portland cement.

� Excess pore water pressure relief wells are used when other methods are not
appropriate. Well functionality is affected by a number of factors, such as soil
coefficient of water permeability/ soil compressibility and drain clogging/ silta-
tion in time, which may not be well known or controlled.



Appendices – Microsoft Excel Workbooks
on Compact Disk

The MS Excel spreadsheet format is used for maximum portability. Microsoft pro-
vides MS Excel viewer free of charge at its Internet web site.

The spreadsheets are kept as simple as possible.
If MS Excel complains at the start about the security level of macros please click

on Tools then Macro then Security button and adjust the security level to at least
medium. The spreadsheet must be exited and re-entered for the change made to take
place.

The spreadsheets are applicable to the case studies and examples considered in
this monograph.

A.1 Coordinates of Earthquake Hypocentre
and Site-to-Epicentre Distance

The coordinates x, y, z are calculated by solution of three equations:

(x − xi )
2 + (y − yi )

2 + (z − zi )
2 = di

2, (A.1.1)

where xi , yi , zi are coordinates of seismograph stations, i = 1...3, di is the source to
station distance calculated from Equation (1.1). Depending on the orientation of the
vertical z axis, the hypocentral depth could have positive or negative sign. A view
of the spreadsheet results is shown below (Fig. A1.1).

The site to epicentre distance in km and azimuth (the angle measured clockwise
from North direction) between them are calculated from the formulae

Dis tan ce = 111 · 180

π
· Atn

(√
1 − [sin(EN)∗ sin(SN) + cos(EN)∗ cos(SN)∗ cos(SE−EE)]2

sin(EN)∗ sin(SN) + cos(EN)∗ cos(SN)∗ cos(SE-EE)

)

Azimuth = Arc sin
cos(SN)∗ sin(SE-EE)

sin
(

Dis tan ce·π
111·180

) , (A.1.2)

where EN and EE are the northings and eastings (in degrees) of an earthquake epi-
centre, SN and SE are the northings and eastings (in degrees) of a seismic station. For

211
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Fig. A1.1 Spreadsheet ‘Coordinates of the hypocentre’ in workbook Appendix A.1

distance and azimuth between two stations, it is simply necessary to input the station
northings and eastings in place of those data for an earthquake. Equation (A.1.2)
is valid when the differences between two locations on Earth’s surface (stations
or epicentres) does not exceed geographical 12◦, in which case Earth’s curvature
has to be taken into account. A view of the spreadsheet results is shown below
(Fig. A1.2).

A.2 Limit Equilibrium Method for Northolt Slope Stability

The Excel macro solves 2nw-1 equations of equilibrium of forces in the horizontal
and vertical direction and nw equations of equilibrium of the rotating moments,
where nw is the number of wedges into which a potential sliding mass is subdivided.
From Fig. 4.1 it follows for the horizontal x direction:

nw∑

i=1

Ni sin αi − Ti cos αi + Nn+i−1 cos αn+i−1 − Tn+i−1 sin αn+i−1 − Nn+i

cos αn+i + Tn+i sin αn+i + ch Wi + Fxi + GWi sin αi

+GWi−1 cos αn+i−1 − GWi+1 cos αn+i = 0 (A.2.1)
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Fig. A1.2 Spreadsheet ‘Site-to-epicentre distance’ in workbook Appendix A.1

For the vertical y direction:

nw−1∑

i=1

−Ni cos αi − Ti sin αi + Nn+i−1 sin αn+i−1+ Tn+i−1 cos αn+i−1

− Nn+i sin αn+i − Tn+i cos αn+i + (1 ± cvm)Wi + Fyi − GWi cos αi

+ GWi−1 sin αn+i−1 − GWi+1 sin αn+i = 0
(A.2.2)

For the moments around the centroids of wedges:

nw∑

i=1

Ni dni + Ti dti + Nn+i−1dnn+i−1 + Tn+i−1dtn+i−1 + Nn+i dnn+i + Tn+i dtn+i

+Fxi d fxi + Fyi d fyi + GWi dwi + GWi−1dwn+i−1 + GWi+1dwn+i = 0,

(A.2.3)

where dn,t f,w are the shortest distances between the lines of actions of the forces and
wedge centroids.

The procedure starts with a factor of safety of 1, calculates all axial and transver-
sal forces along wedge boundaries and checks the nth

w equation of equilibrium of
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forces in the vertical direction. If the absolute value of the sum of all vertical forces
acting on the nth

w wedge is greater than 2% of the nth
w wedge weight then the fac-

tor of safety is increased by 0.5 and the checking procedure continued. If after 15
checks the sign of the sum of all vertical forces acting on the nth

w wedge has not been
changed then the slope is considered unstable. If the sign of the sum of all vertical
forces acting on the nth

w wedge has been changed during stepping procedure then the
last considered factor of safety is decreased by 0.05 until the absolute value of the
sum of vertical forces acting on the nth

w wedge is smaller than 2% of the nth
w wedge

weight.
The axial forces at the bases of wedges are assumed at the centers of the

bases except at the base of the last wedge and therefore the turning moments
of the axial forces with respect to the centers of the bases are zero (shown as
blanks).

When a local factor of safety equals to 1.00 then shown number of steps of
soil shear strength drops below the peak strength equals to the number of degrees
below soil peak friction angle. Similarly, the peak cohesion value is decreased
for the number of steps of strength drops times the difference between the peak
and residual cohesion over the difference between the peak and residual friction
angle.

A number of iterations to define local factors of safety are performed at each step
because of a recursive dependence of the rate of joint thickness change (dt j,eγ j,e

−1)
on local factor of safety Fj (i.e. the number of steps of strength drop below the peak
value) and the local factor of safety Fj on the rate of joint thickness change (i.e. on
γ j(i),e in Equation 4.8, where γ j(i),e = dtj(i),e(tanαj(i))−1. A view of the spreadsheet
results is shown below (Fig. A2).

A.3 Single Wedge for Three-Dimensional Slope Stability

The spreadsheet provides:

� Factor of safety against sliding of the wedge with/ without external resultant load
and anchor (cable) resultant force

� Factor of safety and most unfavorable azimuth and dip angle for given resultant
external load

� Minimal resultant anchor (cable) force and most favorable azimuth and dip angle
for required factor of safety

Critical acceleration acting on the wedge is determined by trial and error un-
til the factor of safety against sliding of the wedge equals to 1.0 under applied
resultant external load. A view of the spreadsheet results is shown below
(Fig. A3).
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Fig. A2 Spreadsheet ‘Results’ in workbook Appendix A.2

A.4 Co-Seismic Sliding Block

The spreadsheets performs double integration in time of the difference between the
base and critical acceleration of a sliding block in order to calculate permanent
block sliding at time intervals (whenever the base acceleration exceeds the critical
acceleration) and to calculate cumulative permanent block sliding. Down slope and
level ground sliding can be considered. A view of the spreadsheet results is shown
below (Fig. A4).

A.5a Post-Seismic Sliding Blocks for Maidipo Slip
in Frictional Soil

The formulae used for the calculation are given in Appendix B of the paper by
Ambraseys and Srbulov (1995). A view of the spreadsheet results is shown below
(Fig. A5a).
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Fig. A3 Spreadsheet ‘Results’ in workbook Appendix A.3

A.5b Post-Seismic Sliding Blocks for Catak Slip in Cohesive Soil

The formulae used for the calculation are given in Appendix A of the paper by
Ambraseys and Srbulov (1995). A view of the spreadsheet results is shown below
(Fig. A5b).

A.6 Bouncing Block Model of Rock Falls

A view of the spreadsheet results is shown below (Fig. A6).

A.7 Simplified Model for Soil and Rock Avalanches, Debris
Run-Out and Fast Spreads

A view of the spreadsheet results is shown below. No macros are used for the calcu-
lations (Fig. A7).
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Fig. A4 Spreadsheet ‘Results’ in workbook Appendix A.4

Fig. A5a Spreadsheet ‘Results’ in workbook Appendix A.5a
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Fig. A5b Spreadsheet ‘Results’ in workbook Appendix A.5b

Fig. A6 Spreadsheet ‘Bedrina 1’ in workbook Appendix A.6
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Fig. A7 Spreadsheet ‘Pandemonium Creek Avalanches’ in workbook Appendix A.7

A.8 Closed-Form Solution for Gravity Walls

A view of the spreadsheet results is shown below (Fig. A8).

A.9a Time Stepping Procedure for Kobe Wall

A view of the spreadsheet results is shown below (Fig. A9a).

A.9b Time Stepping Procedure for Kalamata Wall

A view of the spreadsheet results is shown below (Fig. A9b).

A.10 Accelerogram Averaging and Acceleration Response
Spectra

The averaging is performed according to Equation (6.57). A view of the spreadsheet
results is shown below (Fig. A10.1).
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Fig. A8 Spreadsheet ‘Results’ in workbook Appendix A.8

Fig. A9a Spreadsheet ‘Out’ in workbook Appendix A.9a
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Fig. A9b Spreadsheet ‘Out’ in workbook Appendix A.9b

Fig. A10.1 Spreadsheet ‘Averaged acceleration’ in workbook Appendix A.10
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Acceleration response spectra represent the peak values of the absolute ac-
celerations of single degree of freedom oscillators (SDOFO) with different peri-
ods (frequencies) of vibrations. The absolute accelerations are obtained from the
formula

Abs.acc.(t) = ωs · 1 − 2 · ς2

√
1 − ς2

·
t∫

0

Ground acc.(τ ) · e−ς ·ωs ·(t−τ ) ·

sin ωs ·
√

1 − ς2 · (t − τ ) · dτ +

2 · ωs · ς ·
t∫

0

Ground acc.(τ ) · e−ς ·ωs ·(t−τ ) ·

cos ωs ·
√

1 − ς2 · (t − τ ) · dτ (A.10.1)

where the circular frequency of a SDOFO ωs is according to Equation (6.59), ζ

is a part of the critical damping, t is time. The equation describing the response

Fig. A10.2 Spreadsheet ‘Spectra’ in workbook Appendix A.10
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of a linear system to arbitrary pulse of duration dτ occurring at t = τ is called
Duhamel’s integral. A view of the spreadsheet results is shown in Fig. A10.2. The
response spectral acceleration ratio is shown with respect to the spectral accel-
eration at zero structural period i.e. with respect to the peak ground acceleration
(Fig. A10.2).

A.11 Bearing Capacity of Shallow Foundation

The analysis is performed according to Annex D of Eurocode 7, Part 1 (2004)
with addition of the overburden pressure at the foundation depth. A view of the
spreadsheet results is shown below. Lower part of the graph is controlled by soil to
foundation sliding resistance in the case of coarse grained soil (Fig. A11).

Fig. A11 Spreadsheet ‘Rec 1’ in workbook Appendix A.11

A.12 Excess Pore Water Pressure Dissipation

A view of the spreadsheet results is shown below (Fig. A12).
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Fig. A12 Spreadsheet ‘Data’ in workbook Appendix A.12
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one-dimensional wave propagation, 47
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post-seismic permanent displacements, 94
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Quaternary age, 17

R
radiation damping, 3
radiocarbon dating, 68, 70
Rayleigh waves, 44
recurrence period, xxi, 63
reinforced soil, 82
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residual shear strength, 75
resonance, 10, 54, 141, 149
response spectrum, 10, 171, 222
return period, xxi, 60
reverse tectonic faults, 42, 68
ring shear apparatus, 91
rock falls, 99
rock stress-strain relationship, 63
rocking block, 124, 157
rolling cylinder model, 135
rotating cylinder model, 123, 125
rotational dashpot, 153
rotational spring, 153
route 272 embankment, 133
rupture directivity, 44

S
San Andreas fault, 58, 68
San Andreas zone, 43
San Francisco bay, 54
sand friction angles in cyclic condition, 21
sand shear strength rate dependence, 21
sand volcanoes, 70
Santa Clara basin, 51
SDOFO, 10, 11, 55, 169, 172, 173
Sea of Marmara, 58
sediment basin depth, 53
sediment-filled basins, 45
sedimentation time, 136
seismic codes, 40
seismic gaps, 58
seismic hazard map, 39
seismic wave propagation, 54
seismic wave refraction, 201
Sepolia station, 195
settlement, 191
SHAKE, 47, 109, 151, 198, 200
shaking table test, 9, 142
shallow foundation, 187, 189, 191
shear beam, 86
shear modulus, 15–17
Sheffield dam, 129
Shibecha-Cho embankment, 133
Shima rock fall, 105
short term seismic hazard, 60
Shum Wan Road debris run-out, 114
sills, 70
single degree of freedom oscillator, 10, 55, 169
sliding block, 7, 89, 157, 215
sliding wedge, 84, 214
slip predictable, 32

slope failures, 69
Snell’s law, 201
soil deformation modulus, 192
soil friction angle, 75
soil impedance, 54
soil mixing, 204
soil plasticity index, 19
soil-cement grid walls, 205
Solfatara Canal dike, 130
space clustering, 58
SPT blow count, 121
standard penetration resistance, xx, 19
Stokes law, 136
stone columns, 203
stratigraphic studies, 67
strike-slip tectonic faults, 42, 68
subduction zones, 41
sulphate resistant cement, 205
surface wave magnitude, 30
system identification analysis, 142

T
Takatori station, 196
tectonic data, 62
tectonic energy, xviii, 1, 3, 4
tectonic fault, 2
Tertiary age, 17
three dimensional ground motion, 9
three-dimensional slope stability, 84
time clustering, 32, 41, 58, 59, 62, 71
time predictable, 32
topographic effects, 57
transversal force, xxii, 198
transversal seismic waves, 2
transversal wave velocity, 204
tunnel response, 195
two sliding blocks model, 94

U
Uetsu line railway embankment, 131
undrained shear strength, 119

V
vibration modes, 56
visco-elastic soil layers, 55
viscous damping, 46, 174
volumetric compressibility, 26

W
water viscosity, 136
West Mediterranean sea zone, 43
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