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Preface

Performance-Based Design is increasingly employed recently in structural design of buildings and infrastructural
facilities in many countries. The performance of foundation ground and soil structures under earthquake loading
has long been a major topic of discussion since the beginning of TC4 in 1987 initiated by Professor Kenji
Ishihara, the first Chairman. Professor Liam Finn, previous Chairman, emphasizing the importance of PBD
in earthquake geotechnical engineering, held the Satellite Conference just before the 2005 ICSMGE in Osaka
focusing on this problem.

Despite such long lasting efforts, PBD has not yet been established sufficiently in geotechnical engineer-
ing practice. Seismically induced ground deformation essential to performance design is not easy to evaluate
mainly because, in contrast to superstructures, the ground is a 3-dimentional continuum with tremendous spatial
variability and its stress-strain relationship is strongly nonlinear with dilatancy effect.

A rapid development in practical and reliable PBD is thus needed not only for foundation design but also for
superstructures resting on incompetent soils. It is particularly true under circumstances where seismic ground
motions observed during recent destructive earthquakes are getting larger. Such large motions often lead to
intolerable results of foundation ground and superstructures resting on it, if they are designed by the conventional
limit state design methodologies. Thus, we are urged to reconsider how to design new buildings and new
civil engineering structures properly and also how to retrofit existing structures from the viewpoint of their
performance under increasing seismic loads.

The first task toward this direction is to establish the performance criteria in the arena of earthquake geotechni-
cal design to comply with the performance of buildings or civil engineering structures. The next major challenge
for geotechnical engineering community is to shift from the limit state design to the strain/deformation evalua-
tion based on time/frequency-domain calculations not only in research front but also in engineering practice as
well.

More and more numerical analyses incorporating time-histories of input seismic motions and strong nonlinear
response of soils are already in practice in this respect. However, in contrast to the conventional methods,
uncertainties involved in the PBD become considerable in terms of seismic input, large-strain soil properties,
optional parameters in numerical analyses, etc, which almost inevitably attracts designers’ attention from the
deterministic method to probabilistic approach.

What we need in judging their reliability and how to choose appropriate values for input parameters is a sort of
benchmark case histories with well-documented geotechnical and seismic conditions. “Earthquake Geotechnical
Case Histories for Performance-Based Design” published by TC4, ISSMGE, during this conference aims to serve
as a common scale to measure the reliability of the analytical tools.

Also essential for PBD to be reliable enough is the improvement/innovation in soil investigation methodologies,
in situ and in laboratory, and their data interpretations. In situ deformation properties, together with their statistical
variability and strain-dependent nonlinearity need to be revaluated in particular. Finally design codes, domestic
and international, which support designers by stating the essence of PBD in geotechnical aspects without
regulating too much detail in the scope of the performance of a total system are also very much desirable.

Under such current circumstances, it is really timely to hold IS-Tokyo 2009 “International Conference on
Performance-based Design in Earthquake Geotechnical Engineering” to develop and share a common view on
PBD in earthquake geotechnical engineering. In the conference, state-of-the-arts in PBD in earthquake geotech-
nical engineering are reviewed and discussed in keynote lectures, theme lectures and many technical sessions
for typical problems including case histories, numerical methods, soil investigations. Discussion sessions will
be held for case histories, performance evaluations, role of soil investigations and performance criteria/design
codes. As one of the recent case histories during extremely strong earthquakes, Special Session on the 2008
Wenchuan Sichuan earthquake in China will also be held. At the end of Conference, Special Discussion Session
on Future Directions of PBD will take place with panelists of honorable TC4 members.

About 240 technical papers including invited papers have been submitted from all over the world and printed
in the proceedings. Among them, about 210 general papers have been peer-reviewed. I would like to show my
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deep gratitude to the peer-reviewers who contributed their precious time. All the papers are accommodated in
the CD-ROM of the proceedings in full color with the table of contents and serial page numbers, among which
the invited papers and short papers concerning the discussion sessions are printed in black and white in the hard
cover volume.

After agreeing to have this conference in TC4 meeting in Thessaloniki at the occasion of 4th ICEGE, an
Organizing Committee including Special Task Team with the members given below have paid every effort to
make this conference worthwhile. I would like to express my sincere gratitude to all the members for their
great contribution. Among them, Professor Yoshimichi Tsukamoto, Secretary General, devoted a majority of
his busy time and efforts in drafting the conference program, budgeting, serving as a liaison of general matters.
Professor Michutoshi Yoshimine, Academic Secretary, made great effort in dealing with abstracts, full paper
submissions, reviewing, etc. Professor Kenji Ishihara, the first Chairman of TC4, encouraged and advised the
Committee members in constructing the conference program, the technical tour, etc. The organizing committee
of IS-Tokyo 2009 would like to acknowledge that this conference is partly funded by Maeda Engineering
Foundation. The cooperation to the Conference Exhibition by 17 engineering companies and 4 universities are
also gratefully acknowledged.

Finally, it is my sincere hope that this conference will be able to serve as a milestone for international
geotechnical engineers and researchers, in practically using and further developing Performance-Based Design
methodologies in earthquake geotechnical engineering.

Takaji Kokusho

Professor of Chuo University,

Tokyo, Japan

Chairman of IS-Tokyo 2009

“International Conference on Performance-based Design in Earthquake Geotechnical Engineering”
Co-chairman of TC4, Geotechnical Earthquake Engineering and Associated Problems, ISSMGE.
June 2009
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Performance based earthquake design using the CPT

PK. Robertson
Gregg Drilling & Testing Inc., Signal Hill, California, USA

ABSTRACT: Application of the Cone Penetration Test (CPT) for the evaluation of seismic performance is
reviewed and updates presented. The role of the CPT in geotechnical earthquake engineering is presented. The
use of the CPT to identify soil behavior type and the normalization of CPT parameters is also reviewed and
updates presented. The case-history based method to evaluate the resistance of sand-like soils to cyclic loading is
reviewed and compared with the expanded and re-evaluated case history database. The laboratory based method
to evaluate the resistance of clay-like soils to cyclic loading is reviewed and modified for application using the
CPT. A new combined CPT-based method to evaluate the resistance to cyclic loading is proposed that covers all
soils and is evaluated using an expanded case history database. The CPT-based method is extended to estimate

both volumetric and shear strains for all soils and evaluated using the expanded case history database.

1 INTRODUCTION

The seismic performance of geotechnical structures
often requires an estimate of potential post-earthquake
displacements. Historically, geotechnical earthquake
design has focused extensively on evaluation of lig-
uefaction in sandy soils since deformations tend to be
large when soils experience liquefaction. Liquefaction
analyses have traditionally focused on the evaluation of
factor of safety and using this as an indicator of poten-
tial post-earthquake deformations. Recently there has
been growing awareness that soft clays can also deform
during earthquake loading.

In North American building codes (e.g. NBC 2005,
FEMA 356 and SEAOC 1995), the design philoso-
phy for earthquake loading is to accept some level of
damage to structures, i.e. to accept some level of defor-
mation. The acceptable level of damage and deforma-
tion is a function of the importance of the structure
and the earthquake return period. The importance of
the structure is a function of the risk. The evalua-
tion of post-earthquake deformations is therefore a key
element in any performance based earthquake design.

Due to size limitations, this paper will only discuss
the application of the Cone Penetration Test (CPT) for
the evaluation of post-earthquake deformations. The
intent of this paper is not to imply that all earthquake
geotechnical design can be accomplished using only
the CPT; other in-situ tests along with sampling and
laboratory testing also play a role, depending on the
risk of the project.
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2 ROLE OF CPT IN GEOTECHNICAL
EARTHQUAKE ENGINEERING

Since this paper is focused on the application of CPT
results for the evaluation of post-earthquake deforma-
tions, it is appropriate to briefly discuss the role of the
CPT in geotechnical earthquake engineering practice.
Hight and Leroueil (2003) suggested that the appro-
priate level of sophistication for a site characterization
and analyses program should be based on the following
criteria:

Precedent and local experience
Design objectives

Level of geotechnical risk
Potential cost savings

The evaluation of geotechnical risk was described
by Robertson (1998) and is dependent on hazards
(what can go wrong), probability of occurrence (how
likely is it to go wrong) and the consequences (what are
the outcomes). Earthquake loading can be a significant
hazard, but the resulting risk is primarily a function of
the probability of occurrence and the consequences.
General recommendations for the appropriate level
of sophistication for site investigation and subsequent
design can be summarized in Table ]. Although Table 1
indicates only two broad outcomes, Robertson (1998)
and Lacasse and Nadim (1998) showed that the level
of risk cover a range from low to high and that the
resulting site characterization program should vary
accordingly.



Table 1.

Appropriate level of sophistication for site characterization and analyses.

Rating Criteria Rating

Good Precedent & local experience Poor

Simple Design objectives Complex

Low Level of geotechnical risk High

Low Potential for cost savings High

Low risk project High risk project
Traditional Advanced

(simplified) methods

(complex) methods

For low risk projects, traditional methods, such as
in-situ logging tests (e.g. CPT, SPT) and index test-
ing on disturbed samples combined with conservative
design criteria, are often appropriate. For the evalua-
tion of liquefaction and post-earthquake deformations
the Simplified Procedure, first proposed by Seed and
Idriss (1971) and recently updated by Youd et al.
(2001), is appropriate for low risk projects. For mod-
erate risk projects, the Simplified Procedure should
be supplemented with additional specific in-situ test-
ing where appropriate, such as seismic CPT with pore
pressure measurements (SCPTu) and field vane tests
(FVT) combined with selective sampling and basic
laboratory testing to develop site specific correla-
tions. Sampling and laboratory testing is often limited
to fine-grained soils where conventional sampling is
easier and appropriate. For high risk projects, the Sim-
plified Procedure can be used for screening to identify
potentially critical regions/zones appropriate to the
design objectives. This should be followed by selec-
tive high quality sampling and advanced laboratory
testing. The results of laboratory testing should be
correlated to in-situ test results to extend the results
to other regions of the project. The Simplified Proce-
dure for liquefaction evaluation should be used only
as a screening technique to identify potentially crit-
ical regions/zones for high risk projects. Advanced
techniques, such as numerical modeling, are often
appropriate for more detailed evaluation of potential
post-earthquake deformations for high risk projects.

One reason for the continued application of the
Standard Penetration Test (SPT) as a basic logging
test is that the test provides a soil sample suitable for
index testing, even though the test can be unreliable.
A common complaint about the CPT is that it does not
provide a soil sample. Although it is correct that a soil
sample is not obtained during the CPT, most commer-
cial CPT operators have a simple push-in soil sampler
that can be pushed using the CPT installation equip-
ment to obtain a small (typically 25 mm diameter)
disturbed sample of similar size to that obtained from
the SPT. Often the most cost effective solution is to
obtain a detailed continuous stratigraphic profile using
the CPT, then to move over a short distance (<1 m)
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and push a small diameter sampler to obtain discrete
selective soil samples in critical layers/zones that were
identified by the CPT. Continuous push samplers are also
available to collect plastic-lined near continuous small
diameter, disturbed soil samples. The push rate to
obtain soil samples can be significantly faster than the
2 cm/s required for the CPT therefore making sam-
pling rapid and cost effective for a small number of
discrete samples. For low risk projects the efficiency
and cost effectiveness of CPT, combined with adja-
cent discrete push-in soil samples, is usually superior
to that of CPT plus adjacent boreholes with SPT.

Many of the comments and recommendations con-
tained in this paper are focused on low to moderate risk
projects where traditional (simplified) procedures are
appropriate and where empirical interpretations tend
to dominate. For projects where more advanced proce-
dures are appropriate, the recommendations provided
in this paper can be used as a screening to evaluate
critical regions/zones where selective additional in-
situ testing and sampling may be appropriate. Risk
based site investigation and analysis is consistent with
performance based design principles where the design
criteria are in terms of deformation based on the risk
of the structure.

3 BASIC SOIL BEHAVIOR UNDER
EARTHQUAKE LOADING

Boulanger and Idriss (2004b, 2007) showed that, for
practical purposes, soils can be divided into either
‘sand-like’ or ‘clay-like’ soils, where sand-like soils
can experience ‘liquefaction’ and clay-like soils can
experience ‘cyclic failure’. In a general sense, sand-
like soils are gravels, sands, and very-low plasticity
silts, whereas clay-like soils are clays and plastic silts.

In general, all soils deform under earthquake load-
ing. Earthquakes impose cyclic loading rapidly and
soils respond undrained during the earthquake. In
general, all soils develop some pore pressure during
earthquake loading and at small strains these pore pres-
sures are almost always positive. Sand-like soils can
develop high positive pore pressures during undrained



cyclic loading and can reach a condition of zero
effective confining stress. At the condition of zero
effective stress, the initial structure of the soil is lost
and the stiffness of the soil in shear is essentially zero
or very small and large deformations can occur during
earthquake loading. The condition of zero effective
stress is often defined as ‘liquefaction’ or ‘cyclic lig-
uefaction’. Loose, young, uncemented sand-like soils
are more susceptible to ‘liquefaction’ than dense sand-
like soils. The ability of sand-like soils to liquefy is a
function of in-situ state (relative density and effective
confining stress), structure (age, fabric and cementa-
tion) and the size and duration of the cyclic loading.
Most liquefaction cases occur in young uncemented
sand-like soils. During earthquake loading, loose
sand-like soils can experience very large shear strains
which can result in large lateral and vertical defor-
mations, depending on ground geometry and external
static loads (e.g. buildings, embankments, slopes,
etc.). Very loose sand-like soils can also experience
strength loss after earthquake loading that can result
in flow slides with very large deformations depending
on ground geometry and drainage. Following earth-
quake loading, sand-like soils can also experience
volumetric strains and post-earthquake reconsolida-
tion settlements. The resulting volumetric strains can
be large due to the loss of initial soil structure at zero
effective stress and resulting small volumetric stiftness
(constrained modulus) during initial reconsolidation.
These settlements generally occur rapidly after the
earthquake (i.e. in less than a few hours), depending
on soil stratigraphy and drainage conditions.
Clay-like (cohesive) soils can also develop pore
pressures during undrained cyclic loading, but gener-
ally do not reach zero effective stress and hence retain
some level of stiffness during cyclic loading and gen-
erally deform less than sand-like soils. Traditionally,
clay-like soils are considered not susceptible to lique-
faction, since they generally do not reach a condition
of zero effective stress. However, clay-like soils can
deform during cyclic earthquake loading. The amount
of pore pressure buildup is a function of in-situ state
(overconsolidation ratio), sensitivity, structure (age,
fabric and cementation) and size and duration of cyclic
loading. Soft normally to lightly overconsolidated and
sensitive clay-like soils can develop large positive
pore pressures with significant shear strains during
earthquake loading that can result in lateral and ver-
tical deformations, depending on ground geometry
and external static loads (e.g. buildings, embank-
ments, slopes, etc.). Very sensitive clay-like soils can
also experience strength loss after earthquake loading
that can result in flow slides with very large defor-
mations depending on ground geometry. Following
earthquake loading, clay-like soils can also experience
volumetric strains and post-earthquake reconsolida-
tion settlements. However, these settlements generally
occur slowly after the earthquake due to the lower
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permeability of clay-like soils and are also a function
of soil stratigraphy and drainage conditions. The volu-
metric strains during post-earthquake reconsolidation
are generally small since clay-like soils often retain
some original soil structure and hence, maintain a high
value of volumetric stiffness during reconsolidation.

Following earthquake loading, pore-water redistri-
bution can result in some sand-like soils changing void
ratio and becoming looser. This can result in strength
loss and the potential for instability.

Recent research has indicated that the transition
from sand-like to clay-like soils can be approximately
defined by Atterberg Limits (e.g. plasticity index) of
the soil (Seed et al, 2003; Bray and Sancio, 2006;
Boulanger and Idriss, 2007). Sangrey et al. (1978)
suggested that the transition was controlled by the
compressibility of the soil, where, in general, clay-like
soils have a higher compressibility than sand-like soils.
In a general sense, soft normally consolidated clay-
like fine grained soils respond in a similar manner to
loose sand-like soils in that they are both contrac-
tive under shear and develop positive pore pressures
in undrained shear. Highly sensitive clay-like soils
are similar to very loose sand-like soils in that both
can experience a large increase in pore pressure under
undrained shear and can experience significant strength
loss (i.e. strain soften). Stiff overconsolidated clay-like
fine grained soils respond in a similar manner to dense
sand-like soils in that they both dilate under shear at
high strains. Soil response in fine grained soils is con-
trolled partly by the amount and type of clay minerals.
The plasticity index is an approximate measure of the
mineralogy of the soil, where the amount and type of
clay mineral influences soil behavior.

Traditionally, the response of sand-like and clay-like
soils to earthquake loading is evaluated using different
procedures. It is common to first evaluate which soils
are sand-like, and therefore susceptible to liquefaction
based on grain size distribution and Atterberg Lim-
its, and then to determine the factor of safety (FSjq)
against liquefaction. A key element in performance
based geotechnical earthquake design is the evalua-
tion of post-earthquake deformations. The challenge
is to develop procedures that capture the correct soil
response as soil transitions from primarily sand-like
to clay-like in nature. The objective of this paper is to
outline a possible unified approach for all soils using
CPT results with the ultimate goal to evaluate possible
post-earthquake deformations.

4 CPT SOIL BEHAVIOUR TYPE

One of the major applications of the CPT has been the
determination of soil stratigraphy and the identifica-
tion of soil type. This has been accomplished using
charts that link cone parameters to soil type. Early
charts using q. and friction ratio (Ry) were proposed



by Douglas and Olsen (1981), but the charts proposed
by Robertson et al. (1986) have become popular.
Initially these charts were based on empirical cor-
relations, but theoretical studies have supported the
general concepts. Robertson et al. (1986) and Robert-
son (1990) stressed that the charts were predictive of
Soil Behaviour Type (SBT) since the cone responds to
the mechanical behaviour of the soil and not directly to
soil classification criteria based on grain-size distribu-
tion and soil plasticity. Fortunately, soil classification
criteria based on grain-size distribution and plastic-
ity often relate reasonably well to soil behaviour and
hence, there is often good agreement between soil
classification based on samples and SBT based on
the CPT. Several examples can be given when dif-
ferences arise between soil classification and SBT
based on CPT. For example, a soil with 60% sand and
40% fines may be classified as ‘silty sand’ using the
unified classification system. However, if the fines
are composed of a highly active clay mineral with
high plasticity, the soil behaviour may be controlled
more by the clay and the SBT from the CPT will
reflect this behaviour and predict a more clay-like
behaviour, such as ‘clayey silt’. If the fines were non-
plastic the soil behaviour may be controlled more by
the sand, the CPT SBT would predict a sand like
soil type, such as ‘silty sand’. Saturated loose silts
often behave like soft clay in that their undrained
strength is low and undrained response often gov-
erns geotechnical design. Hence, SBT based on CPT
in soft saturated silts is often defined as clay. Very
stiff heavily overconsolidated fine-grained soils tend
to behave similar to coarse-grained soil in that they
dilate at large strains under shear and can have high
undrained shear strength compared to their drained
strength. These few examples illustrate that the SBT
based on the CPT may not always agree with tradi-
tional classification based on samples. Geotechnical
engineers are usually interested in the behaviour of the
soil rather than a classification based only on grain-
size distribution and plasticity, although knowledge of
both is useful.

The corrected cone (tip) resistance (q;) responds to
the average shear strength (depending on soil sensitiv-
ity, heterogeneity and macro fabric) of the soil ahead
and behind the advancing cone, whereas the sleeve
friction (fs) and measured pore pressure (uy) responds
to the larger strain behaviour of the soil in contact with
the cone. There is also a small scale effect and physical
offset between the q; and f; measurements. Typically
most commercially available CPT data acquisition
systems adjust the two readings to present them at the
same depth in the soil profile (i.e. the fs reading is
recorded when the center of the sleeve has reached the
same depth/elevation as the cone tip). Soils with gravel
particles can produce rapid unrepresentative variations
in sleeve friction due to large particles touching the
friction sleeve.
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Robertson (1990) updated the CPT SBT charts
using normalized (and dimensionless) cone parame-
ters, Q1, F, By, where:

Qi = (Gt — 0vo) /0y, 1
Fr = [(fs/(qc — 0v0)] 100% @
Bq = Au/(qt — ovo) 3)
where:

oyo = pre-insertion in-situ total vertical stress

o, = pre-insertion in-situ effective vertical stress
Uy = in-situ equilibrium water pressure

Au = excess penetration pore pressure.

In the original paper by Robertson (1990) the nor-
malized cone resistance was defined using the term
Q. The term Qy; is used here to show that the cone
resistance is the corrected cone resistance, q; with
the stress exponent for stress normalization n = 1.0.
Note that in clean sands, q. = qy, but the more correct
q: is used in this paper.

In general, the normalized charts provide more
reliable identification of SBT than the nonnormal-
ized charts, although when the in-situ vertical effec-
tive stress is between 50 kpa to 150 kpa there is
often little difference between normalized and non-
normalized SBT. The term SBTn will be used to
distinguish between normalized and non-normalized
SBT. Robertson (1990) suggested two charts based
on either Qu —F; or Q — Bq but recommended that
the Qq; —F; chart was generally more reliable, espe-
cially for onshore geotechnical investigations where
the CPT pore pressure results are more problematic
and less reliable.

Jefferies and Davies (1993) identified that a Soil
Behaviour Type Index, I, could represent the SBTn
zones in the Q;; — F; chart where I is essentially the
radius of concentric circles that define the boundaries
of soil type. Robertson and Wride (1998) modified
the definition of I to apply to the Robertson (1990)
Qq —F; chart, as defined by:

Ic = [(347 - log Qtl)2 + (lOg Fr + 1.22)2]045 (4)

Contours of I are shown in Figure 1 on the Robert-
son (1990) Q; — F; SBTn chart. The contours of I, can
be used to approximate the SBT boundaries.

Jefferies and Davies (1993) suggested that the SBT
index I could also be used to modify empirical cor-
relations that vary with soil type. This is a powerful
concept and has been used where appropriate in this
paper.

Robertson and Wride (1998) and updated by Zhang
et al. (2002) suggested a normalized cone parameter,
using normalization with a variable stress exponent, n,
where:

Qu = [(qc — 0v)/pa](Pa/0V,0)n (5)

where:
(q¢ — ov)/pa = dimensionless net cone resistance,
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Figure 1. Contours of soil behaviour type index, I, on
normalized SBT Qg, — F; chart.

(pa/0y,)" = stress normalization factor
n = stress exponent that varies with SBTn
pa = atmospheric pressure in same units as q; and oy.

Robertson and Wride (1998) and Zhang et al.
(2002) use the term, qN instead of Q. This paper
will use the more general term, Qy,. Where the term
‘Q¢” denotes normalized corrected cone resistance
and the subscript ‘n’ denotes normalization with a
variable stress exponent. Note that, when n = 1,
Qm = Qu. Zhang et al. (2002) suggested that the
stress exponent, n, could be estimated using the SBTn
Index, I, and that I should be defined using Qy,.

Robertson (2008) recently updated the stress nor-
malization by Zhang et al. (2002) to allow for a vari-
ation of the stress exponent with both SBTn I, and
effective overburden stress using:

n = 0.381(L,) + 0.05(c,,/pa) — 0.15 (6)

wheren < 1.0.

Robertson (2008) suggested that the above modifi-
cation to the stress exponent would capture the correct
state response for soils at high stress level and would
avoid the need for a further stress level correction (K, )
in liquefaction analyses.

There have been several publications regarding the
appropriate stress normalization (Olsen and Malone,
1988; Robertson, 1990; Jefferies and Davies, 1991;
Robertson and Wride, 1998; Zhang et al., 2002;
Boulanger and Idriss, 2004a; Moss et al., 2006; Cetin
and Isik, 2007; Robertson, 2008). The contours of
stress exponent suggested by Cetin and Isik (2007)
are very similar to those first suggested by Robertson
and Wride (1998), updated by Zhang et al. (2002) and
further modified slightly by Robertson (2008). The
contours by Moss et al. (2006) are similar to those
first suggested by Olsen and Malone (1988). The nor-
malization suggested by Boulanger and Idriss (2004a)
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only applies to sands where the stress exponent varies
with relative density with a value of around 0.8 in
loose sands and 0.3 in dense sands. Figure 2 shows a
comparison of the stress exponent contours suggested
by Robertson (2008) for o), /pa. = 1.0, Moss et al.
(2006), and Boulanger and Idriss (2004a) on the nor-
malized SBTn chart of Qy, — F;. The regions where the
three methods provide similar values are highlighted
and show that the methods agree on or close to the
normally consolidated zone suggested by Robertson
(1990). Wroth (1984) showed that the stress exponent
is 1.0 for clays based on Critical State Soil Mechanics
(CSSM) theory, which is reflected in the Robertson
(1990 & 2008) contours. The contours suggested by
Olsen and Malone (1988) and Moss et al. (2006) are
not supported by CSSM.

Robertson (1990) stated that the soil behaviour
type charts are global in nature and should be used
as a guide for defining Soil Behaviour Type (SBT).
Caution should be used when comparing CPT-based
SBT to samples with traditional classification systems
based only on grain size distribution and plastic-
ity. Factors such as changes in stress history, in-situ
stresses, macro fabric, cementation, sensitivity and
void ratio/water content will also influence the CPT
response and resulting SBT. The rate and manner in
which the excess pore pressures dissipate during a
pause in the cone penetration can significantly aid in
identifying soil type.

Robertson (1990) and others have suggested that
soils that have a SBTn index I, < 2.5 are generally
cohesionless where the cone penetration is generally
drained and soils thathave I, > 2.7 are generally cohe-
sive where the cone penetration is generally undrained.
Cone penetration in soils with 2.5 < I, < 2.7 is often
partially drained.
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Figure 2. Comparison of contours of stress exponent ‘n’ on
normalized SBTn chart Q, — F;.
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5 SOIL STRATIGRAPHY—TRANSITION
ZONES

Robertson and Campanella (1983) discussed how the
cone tip resistance is influenced by the soil ahead and
behind the cone tip. Ahmadi and Robertson (2005)
illustrated this using numerical analyses and con-
firmed that the cone can sense a soil interface up to 15
cone diameters ahead and behind, depending on the
strength/stiffness of the soil and the in-situ effective
stresses. In strong/stiff soils, the zone of influence is
large (up to 15 cone diameters), whereas, in soft soils,
the zone of influence is rather small (as small as 1 cone
diameter). Ahmadi and Robertson (2005) showed that
the zone of influence decreased with increasing stress
(e.g. dense sands behave more like loose sands at high
values of effective stress).

For interbedded soil deposits, the thinnest stiff soil
layer for which the measured cone resistance repre-
sents a full response is about 10 to 30 cone diameters.
Hence, as described by Robertson and Campanella
(1983), soil parameters may be under-estimated in thin
stifflayers embedded within a softer soil (e.g. thin sand
layers in a softer clay). Fortunately, the cone can sense
a thin soft soil layer more precisely than a thin stiff
soil layer. The fact that the cone can underestimate the
soil resistance in thin stiff layers has led to the thin
layer correction for liquefaction analyses (Robertson
and Wride, 1998, Youd et al., 2001).

The zone of influence ahead and behind a cone dur-
ing penetration will influence the cone resistance at

any interface (boundary) between two soil types of
significantly different strength and stiffness. Hence,
it is often important to identify transitions between
different soils types to avoid possible misinterpreta-
tion. This issue has become increasingly important
with software (or spreadsheets) that provide interpre-
tation of every data point from the CPT. When CPT
data are collected at close intervals (typically every
20 to 50 mm) several data points are ‘in transition’
when the cone passes an interface between two differ-
ent soil types (e.g. from sand to clay and vice-versa).
For thin stiff layers the two interface regions can join
such that the cone resistance may not represent the true
value of the thin layer.

It is possible to identify the transition from one soil
type to another using the rate of change of either I
or Qu. When the CPT is in transition from sand to clay,
the SBTn I will move from low values in the sand to
higher values in the clay. Robertson and Wride (1998)
suggested that the approximate boundary between
sand-like and clay-like behaviour is around I, = 2.60.
Hence, when the rate of change of I. is rapid and
is crossing the boundary defined by I, = 2.60, the
cone is likely in transition from a sand-like to clay-
like soil, or vice-versa. Profiles of I provide a simple
means to identify these transition zones. Figure 3 illus-
trates a CPT profile through a deposit of interbedded
sands and clays and shows how computer software
(CLiq, 2008) can identify transition zones on the I,
profile based on the rate of change of I, as I; crosses
the value 2.60. There are clear transitions from clay to

Pore pressure SBTn Plot

Cone resistance o Friction Ratio
1 1
2 2
34 34
e -
5 5
5 61
74 74
3 81
9 9
0 10
114 11
124 12
134 13
= 14 E 14
=£ 15 ==
E‘ls- Elk
17 4 1r
18 4 18
199 19
20 20
21 21
224 2
23 -]
24 24
£ 25
264 E
27 9 2r
284 E
29 29
o T N EEErrEEEER ]
qt (MPa) RF (%)

20 |
6 200 400 £00 800
u (kPa)

4

2 3
Ic (Robertson 1990)

Figure 3.
Geologismiki).

©2009 Taylor & Francis Group, London, UK

Example of interbedded soil profile with transition zones identified (in red) on SBTn I plot (CLiq Software,
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sand (and vice-versa) at depths of 4.5, 8.5, 12.5, 14.1,
14.5, 16.9, 17.5, and 20.5 m. The region between 5.0
to 8.0 m, and again between 20.5 to 21.8 m, represent
soils close to the boundary of I, = 2.60. Although
these transitions could be identified from combina-
tions of Qu, F; and By, the algorithm (software) that
identifies the zones on the profile of I, appears to be
more effective. Figure 3 also illustrates that the pore
pressure measurements are less effective at shallow
depths where saturation of the CPT sensor may be less
effective. At depths of about 14 m, 17 m and 21 m
there are thin sand layers where the maximum values
in the sand are likely too low due to the adjacent tran-
sition zones. Hence, identification of transition zones
aids in the recognition of thin layers that may require
correction (Youd et al., 2001).

6 RESISTANCE TO EARTHQUAKE LOADING

Idriss and Boulanger (2008) present a summary of the
history and background on the evaluation of liquefac-
tion resistance to earthquake loading. They describe in
detail how the Factor of Safety (FSiq) against trigger-
ing of liquefaction in sand-like soils can be computed
as the ratio of the soils CRR to the earthquake-induced
CSR, with both the CRR and CSR values pertaining
to the design earthquake magnitude (M) and in-situ
effective overburden stress (o7, ):

FSiiq = CRRw;, /CSRM 1, 7)

Alternately, it is common to convert the earthquake-
induced CSR into the reference condition applicable
toM =7.5and o), = l atm. (i.e. 0}, /pa = 1).

FSiiq = CRRM=75, 67,=1/CSRM=75, 57, =1 (®)
where:
CRRM=75, o;,=1 = Cyclic Resistance Ratio applica-

ble to M = 7.5 and an effective overburden stress of
o,, = 1 atm., sometimes presented as simply CRR7 5.

CRRM=75, 5/,=1 = earthquake induced Cyclic Stress
Ratio adjusted to the equivalent CSR for the refer-
ence values of M = 7.5 and an effective overburden
stress of o, = 1 atm., sometimes presented as simply
CSR7s.

For low-risk projects, CSR is typically estimated
using the Simplified Procedure first described by Seed
and Idriss (1971), using:

CSR7.5 = 0.65[amax/gl[0vo/ 0y, Iral1/MSFI[1/Ks1 (9)

Alternate methods have been suggested for estimat-
ing the correction factors, ry, MSF and K,,.

Boundary lines have been developed that separate
case histories in which ‘liquefaction” was observed,
from case histories in which liquefaction was not
observed. This boundary line is used to provide the
relationship between in-situ CRR7 s and an in-situ test
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index. Due to space limitations, this paper will only
present CPT-based methods to estimate CRR7 5.

6.1 Sand-like (cohesionless) soils

CRR7 5 for sand-like soils is generally defined in terms
of ‘triggering’ liquefaction (i.e. reaching zero effec-
tive stress) although laboratory testing often uses
a critical shear strain level (e.g. y = 3%). Trig-
gering of ‘liquefaction’ in loose sands is the onset
of large strains. Therefore, since CRR7s is tradi-
tionally used to define ‘liquefaction’ it can also be
used to define the onset of large deformations. If the
factor of safety against ‘liquefaction’ is less than 1
(i.e. FSjjq < 1) shear strains can be large and tend to
increase as the factor of safety decreases, especially
for loose sands.

The evaluation of CRR has evolved primarily from
case histories of past earthquakes. The earliest efforts
began with attempts to use SPT data (Kishida, 1966,
Seed et al, 1984). In the early 1980’s efforts were made
to use CPT data (Zhou, 1980; Robertson and Cam-
panella, 1985). In 199697, a workshop by NCEER
and NSF provided a summary and recommendations
on SPT-, CPT-, and Vs-based correlations and proce-
dures (Youd etal., 2001). Following the NCEER work-
shop several major earthquakes provided new case
histories. Moss et al. (2006) produced a compilation
of the expanded database.

The NCEER/NSF workshop provided a set of rec-
ommendations by over 20 leading experts and was
summarized by Youd et al. (2001). Youd et al. (2001)
recommended the Robertson and Wride (1998) method
for the CPT-based approach to evaluate CRR for cohe-
sionless soils (I, < 2.60). However, since 1997 there
have been several publications attempting to update
these recommendations. These updates have led to
some confusion in practice, since changes were sug-
gested to both CSR and CRR, which often resulted in
minor changes to the calculated FSy;q.

Traditionally, case history data have been compiled
by identifying the combination of the earthquake-
induced cyclic stress ratio, CSR, and in-situ test results
that bestrepresents the “critical zone” where liquefaction
was estimated to have occurred for each site. It has
been common to adopt a magnitude M = 7.5 earth-
quake, an effective overburden stress of o, = 1 atm
and case histories with modest static shear stress
(i.e. essentially level ground conditions). The resulting
CSR7 5 values are plotted against the in-situ test results
normalized to o), = 1 atm. The resulting plots are
then used to develop boundary lines separating cases
of ‘liquefaction’ from cases of ‘non-liquefaction’ and,
therefore, a method to estimate the CRR7 5. This paper
will focus only on the approaches that use CPT results,
since the CPT is generally considered more repeatable
and reliable than the SPT and provides continuous data
in a cost effective manner.



Although this traditional approach of using case
history data has resulted in significant developments,
the approach has some limitations. The following is a
short description of the main limitations.

‘Liquefaction’ and ‘Non-liquefaction’: field evi-
dence of ‘liquefaction’ generally consists of surface
observations of sand boils, ground fissures or lat-
eral spreading. Sites that show no surface features
may have experienced either liquefaction or the devel-
opment of significant pore pressures in some soil
layers, but no sand boils resulted, either due to the
depth of the layer or the overlying deposits. Also, sites
that show no surface deformation features may have
experienced significant pore pressure development in
some soil layers, but showed limited post-earthquake
deformations due to ground geometry and lack of any
significant static loads. Few case histories have well
documented deformation records where deformations
were recorded with depth.

Selecting the ‘critical zone’: the depth where
‘liquefaction’ was assumed to have occurred requires
considerable judgment. Occasionally, this is based on
linking sand boil material to a specific soil layer, but
often the selection is more subjective.

Average data points to represent each site: consid-
erable judgment is required to select an appropriate
average value for the in-situ test. For SPT results this
was simpler because there were often only 1 or 2 SPT
values in the critical zone. However, for CPT results
this is more difficult, since there can be many CPT
values within a layer. CPT results often show that a
soil layer is not uniform either in terms of consistency
(i.e. density/state) or grain characteristics (e.g. fines
content/plasticity). In critical soil layers, where the soil
is non-uniform and the cone resistance is variable, an
‘average’ value can be misleading.

Although the SPT- and CPT-based design methods
were developed using average values, the methods are
generally applied to all data points for design. CPT
data are generally recorded at 5 cm depth intervals
to provide a near continuous profile. Hence, applica-
tion of case-history based design methods, using the
near continuous CPT profile, incorporate some level
of conservatism. Applying the CPT-based methods to
average in-situ test values for design requires judgment
in selecting appropriate representative average values,
and details in the near continuous profile can be lost.

Although the traditional approach has limitations,
it has resulted in relatively simply approaches to eval-
uate a complex problem. Moss et al. (2006) (based
on Moss, 2003) compiled a comprehensive database
based on CPT records. For this paper, the Moss (2003)
database has been re-evaluated using the continuous
digital CPT records, where available, to confirm or
modify the estimated average in-situ test values. The
re-evaluation focused primarily on case histories that
plot close to the boundary lines, since these play a
more important role in defining the boundary line.
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The near continuous CPT records were processed
through software that incorporates the updated
Robertson and Wride (1998); Zhang et al. (2002)
and Zhang et al. (2004) CPT-based method as well as
transition zone detection and the updated Robertson
(2008) stress normalization (equation 6) (CLiq www.
geologismiki.gr). The re-evaluation showed that the
Robertson and Wride (1998) method performed
extremely well on the database of near continuous CPT
records. Some sites that appeared to have ‘liquefaction’
average data points on the ‘non-liquefaction’ side of
the boundary line actually predicted ‘liquefaction’
(i.e. had regions in the critical layer where the com-
puted FSjjq < 1) when using the near continuous CPT
data. Hence, at sites where the Robertson and Wride
(1998) method would appear to have incorrectly pre-
dicted performance based on the case history results
using Moss et al. (2006) average values, the method
predicted the correct performance using the mea-
sured near continuous values in terms of liquefaction
(i.e. FSjig < 1.0) and post-earthquake deformations.
Some key sites, where the average values selected
by Moss et al. (2006) were considered inappropriate,
are the sites at Whiskey Springs (1983 Borah Peak
earthquake). These sites were composed of gravelly
sands to sandy gravels and the CPT results showed
significant rapid variation caused by the gravel con-
tent. The CPT measurements at these sites were less
reliable due to the gravel content, and the average val-
ues selected by Moss et al. (2006) were considered
too high and unrepresentative of the loose sand matrix
that likely dominated the buildup of pore pressures
during the earthquake. Other key sites are Balboa
Blvd. and Malden St. (1994 Northridge, USA) and
Kornbloom (1982 Westmorland, USA). Average val-
ues can be misleading in interbedded soils and may
not adequately represent the various individual soil
layers.

Moss et al. (2006) and Juang et al. (2003) have
used the expanded case history database based on
average values to provide criteria based on probabil-
ity. The re-evaluation, using near continuous CPT
records, suggest some uncertainty on proposed levels
of probability, due to the highly subjective nature of the
average values selected and the observation that some
‘liquefaction’ and ‘non-liquefaction’ sites were incor-
rectly classified when using only the Moss et al. (2006)
average values. It is recommended that the near contin-
uous CPT data be used to evaluate various CPT-based
liquefaction methods and not average values that were
subjectively selected. It is also interesting to note that,
to the authors knowledge, none of the more recent
CPT-based methods (i.e. post-Youd et al., 2001) used
the recorded near continuous CPT records from the
case histories to confirm the accuracy of the proposed
new methods.

The Moss et al. (2006) database included 182 case
history results (146 ‘liq’ and 36 ‘non-liq’). However,
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30 cases (23 ‘liq” and 7 ‘non-liq”) were described
as ‘Class C’ data that were case histories where the
CPT results were obtained using either ‘non-standard
or mechanical cone’ or ‘no friction sleeve data avail-
able’. The Class C data are clearly less reliable than
the rest of the data, especially for methods that make
use of the friction sleeve results in the form of either
friction ratio, Ry (Moss et al., 2006) or soil behav-
ior type, I (Robertson and Wride, 1998; Juang et al.,
2003). Robertson and Campanella (1983) showed that
mechanical cone friction sleeve values can be signif-
icantly different from standard electric cone values in
the same soil.

The database, (with Class C data removed) where
liquefaction was observed, had earthquake magnitudes
in the range 5.9 < M,, < 7.7 and vertical effective
stress in the range 15 kpa < o] < 135 kpa. The
average vertical effective stress in the liquefied layers
was 60 kpa. No liquefaction, based on surface obser-
vations, was considered to have occurred at a depth
greater than 16 m. The average depth for the critical
liquefiable layers was around 5 to 6 m.

All the CPT-based methods (to determine CSR7 5)
typically include corrections for depth (rg), magni-
tude scaling factors (MSF) and overburden correction
factor (K, ). The variations in these correction fac-
tors when applied to the database are generally small.
Hence, the database is insufficient to clarify which
correction methods are appropriate for design. Most
methods specify that consistency is required when
applying the methods to design problems (i.e. use
the same correction factors on which the method
was based). This paper uses the correction factors
(rq, MSF,Ko) suggested by the NCEER workshop
(Youd et al., 2001), with K, = 1.0.

Figure 4 shows a summary plot of the reevaluated
expanded database in terms of CPT results in the form
of CSR75 versus normalized cone resistance (Qy).
The Class C data are not included in Figure 4. Figure 4
includes some case history data where the soil was
not considered to be ‘clean sand’, however, the result-
ing boundary line is unaffected, because the ‘liq’ data
in soils that are not ‘clean sands’ have lower cone
resistance (i.e. located to the left of the boundary line).
The resulting boundary line is often referred to as the
‘clean sand’ boundary line.

Figure 4 also shows some of the most recent pub-
lished correlations superimposed over the updated
database. The comparison in Figure 4 is not strictly
correct, since the various published procedures include
different normalization procedures for the CPT results.
Fortunately, the differences, when applied to the case
history data, are generally small (less than 20%),
since all of the case history data are from sites where
the range in vertical effective stress was small (15 kpa <
o, < 135 kpa). The various correlations are similar
in the region of maximum data (20 < Qg < 100).
When Qqy, is larger than 100 the correlations differ,
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mainly due to the form of the suggested correlations.
Hence, for ‘clean sands’ the baseline correlation to
estimate CRR7 s from CPT results is reasonably well
established, especially in the region defined by 20 <
Qm < 100. It is likely that there will be little gained
from further evaluation of current case history data
using average values for clean sands in the form of
CSR75— Qyy plots. Itis also recommended that further
fine-tuning of the CRR7 5 relationships using average
values will be ineffective, since the location of the
boundary is sensitive to the judgment used to select
appropriate average in-situ test values. The form of
the relationship controls CRR7 5 for Qi > 100, since
very little field data exists in this range. The form of the
relationship becomes important when the method is
extended to estimate post-earthquake displacements.

For soils that are not ‘clean sands’, the traditional
approach has been to adjust the in-situ penetration
resultsto an ‘equivalent clean sand’ value. This evolved
from the SPT-based approach where samples could
be obtained and the easiest parameter to quantify
changes in grain characteristics was the percent fines
content.

Research has clearly shown that fines content alone
does not adequately capture the change in soil behav-
ior. Also, the average fines content of an SPT sample
may not always reflect the variation in grain
characteristics in heterogeneous soils, since it is com-
mon to place the full SPT sample into a container for
subsequent grain size analyses, with resulting mis-
leading ‘average’ fines content. The recent Idriss and
Boulanger (2008) CPT-based approach that
uses only fines content from samples to make adjust-
ments to cone resistance is a retrograde step and is not
recommended.

Several recent CPT-based liquefaction methods use
modified CPT results to estimate clean sand equivalent
values based on either SBT I (e.g. Robertson and
Wride, 1998; Juang et al., 2006) or friction ratio, R,
(Moss et al., 2006). Figure 5 shows a summary plot of
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the reevaluated expanded database, in terms of CPT
results in the form of CSR7 5 versus normalized clean
sand equivalent cone resistance (Qu ), based on the
corrections suggested by Robertson and Wride (1998)
using .

Good agreement exists between the expanded
database and the original Robertson and Wride (1998)
CPT-based method.

Figures 6 and 7 show the updated database plot-
ted on the normalized SBTn chart (Q, — F;), where
Qum and F; were calculated using the method sug-
gested by Zhang et al. (2002) and recently modified
slightly by Robertson (2008). Figure 6 shows the
case history data where 0.20 < CSR75 < 0.50.
Figure 7 shows the data where CSR;s < 0.20. The
case history database is insufficient to subdivide the
data into smaller divisions in the Qg —F; format,
since both are on log scales. Presenting the case his-
tory data, in terms of the full CPT data (Q, and F;)
on the SBT chart, provides a different view of the
influence of changing soil type on the correlations.
Superimposed on the SBTn chart are the contours for
CRR75 suggested by Robertson and Wride (1998)
in the region where I, < 2.60. The Class C data
are also included in Figures 6 and 7 but are identi-
fied using a different symbol. The Moss et al. (2006)
corrections using friction ratio (Ry), appear to be influ-
enced by the questionable Class C data. It is also
interesting to note that, excluding the questionable
Class C data, there are no case histories of observed
‘liquefaction’ based on average CPT values where
I. > 2.60. It is useful to remember that each data
point, in terms of Qy, and F;, represents an average
value for the critical layer.

Figure 8 shows the data where CSR75 < 0.20
with the correlations suggested by Olsen and Koester
(1995); Suzuki et al. (1995); Robertson and Wride
(1998) and Moss et al. (2006), for comparison. This
format provides a way to compare the different ‘cor-
rection’ factors to adjust CPT results for soil type. The
correlations suggested by Moss et al. (2006) appear
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Figure 6. Updated database on SBTn Qg —F; chart for
0.20 < CRR75 < 0.50 and Robertson and Wride (1998)
contour for CRR75 = 0.50 (I, < 2.60).
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to be too conservative at high values of either fric-
tion ratio or I.. This was partly a result of using the
unreliable Class C data, as well as inappropriate aver-
age values for some key sites, especially the sites
from Whiskey Springs. The correlations suggested
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by Suzuki et al. (1995) and Olsen and Koester (1995)
appear to be unconservative at high values of I, which
was also pointed out by Robertson and Wride (1998).

6.2 Clay-like (cohesive) soils

Since cohesive clay-like soils are not susceptible to
‘liquefaction’, the criteria used to define CRR is defor-
mation, which is often assumed to be a shear strain
of y = 3%. Since detailed deformation records are
uncommon in many case histories, much of our under-
standing regarding the response of cohesive soils to
earthquake loading derives from undrained cyclic lab-
oratory testing. Fortunately, it is also possible to obtain
high quality undisturbed samples in many clay-like
soils.

Sangrey et al. (1978) showed that fine-grained soils
tend to reach a critical level of repeated loading that
is about 80% of the undrained shear strength (sy).
Boulanger and Idriss (2006, 2007) provided a sum-
mary of the response of cohesive soils to cyclic load-
ing. There is a strong link between the cyclic undrained
response of fine-grained soils and their monotonic
undrained response. The monotonic response of fine-
grained soils is generally defined in terms of their peak
undrained shear strength, s,. Although the undrained
shear strength is not a unique soil parameter, since
it varies with the direction of loading, it does pro-
vide a simple way to understand the behavior of
cohesive soils and captures many features (e.g. stress
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history, age and cementation). During earthquake
loading, the predominant direction ofloading is simple
shear; hence, the undrained strength in simple shear
is often the most appropriate parameter to link with
CRR. Since earthquake loading is best defined in
terms of CSR (z¢y/0y), it is appropriate to compare
this with the undrained strength ratio (s, /o). In sim-
ple terms, if the earthquake imposes a shear stress
ratio that is close to the undrained strength ratio of the
soil, the soil will deform. Since earthquake loading
is rapid and cyclic, the resulting deformations may
not constitute ‘failure’ (i.e. unlimited deformations).
However, shear deformations can be large and tend to
progress during the earthquake. Boulanger and Idriss
(2004) used the term “cyclic softening’ to describe the
progression of shear strains during cyclic undrained
loading in fine-grained soils.

Boulanger and Idriss (2004b) presented published
data that showed that, when the CSR ratio approaches
about 80% of s,/0;, deformations tend to become
large. Wijewickreme and Sanin (2007) showed that
the CRR(,, 39, in low plastic silts is also controlled
by their peak undrained shear strength ratio (s,/oy).
Although it is common to treat low plastic silts as
‘sand-like’, their CRR is controlled by their undrained
strength ratio. Hence, soft low plastic silts tend to
‘behave’ similar to soft clays, where their response
is controlled by the undrained strength ratio.

Boulanger and Idriss (2007) suggested that the
CRR7 5 (for a shear strain of 3%) could be estimated
using either:

CRR75 = 0.8(s4/0,) (10)
or
CRR75 = 0.18(OCR)"® 11)

Both methods are equivalent, since Ladd (1991) showed
that:

su/ol, = 0.22(OCR)"® (12)

Boulanger and Idriss (2004b) suggested a further
reduction factor (Ky) to CRR7 5, based on the static
shear stresses existing at the time of the earthquake.
Therefore, the factor of safety against cyclic softening
(3% shear strain), for cases in which the static shear
stresses are small (i.e. K, = 1.0), can be expressed as:

FS,—3% = CRRy/CSRy = CRR75/CSR75  (13)

Boulanger and Idriss (2007) showed that the MSF
for clays is different than that for sands. They also
showed that the CRR7 5 of saturated clays and plastic
silts can be estimated by three approaches:

e Directly measuring CRR by cyclic laboratory test-
ing on undisturbed samples.

e Empirically estimating CRR based on s, profile.

e Empirically estimating CRR based on consolidation
stress history (i.e. OCR) profile.
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Boulanger and Idriss (2007) described that the first
approach provides the highest level of insight and con-
fidence, whereas the second and third approaches use
empirical approximations to gain economy. For low
risk projects, the second and third approaches are often
adequate. Based on the work of Wijewickreme and
Sanin (2007) it would appear that the CRR7 s for soft
low plastic silts can also be estimated using the same
approach.

Robertson (2008) showed that CPT results in fine-
grained soils are influenced primarily by both stress
history (OCR) and soil sensitivity (S¢) and that the nor-
malized cone resistance (Qu) 1s  strongly
influenced by OCR and almost unaffected by S,
whereas, the normalized friction ratio (F;) is strongly
influenced by S; and almost unaffected by OCR.
Hence, Robertson (2008) suggested that the peak
undrained shear strength ratio in cohesive soils can
be estimated from:

qt —

’ Ovo
(8u/0yy) = ———(1/Ni) = Qun/Nie (14)
Vo

when I, > 2.60 and n ~1.0)

where Ny; = empirical cone factor with an average
value of 15.

Hence, when K, = 1.0:
CRR75 =0.8Q,/15 = 0.053 Qp (15)

Alternately, the OCR of clay can be estimated using
(Kulhawy and Mayne, 1990):

OCR = 0.33 Qg (16)
Hence, when K, = 1.0:
CRR75 = 0.074 (Qu)"* (17)

For values of Qg < 10 (i.e. CRR75 < 0.5), both
approaches produce similar values of CRR7 5.

Hence, estimates of CRR7 5 can be made from CPT
results using the normalized cone resistance Qy,, since
CRRy7 5 is controlled primarily by the peak undrained
shear strength ratio. Note that in clays and silts where
I. >2.60, Qtn = Qtl-

6.3 All soils

By combining the Robertson and Wride (1998)
approach for cohesionless sand-like soils with the
Boulanger and Idriss (2007) recommendations for
cohesive clay-like soils, it is possible to provide a sim-
ple set of recommendations to estimate CRR7 s from
CPT results for a wide range of soils.

The recommendations can be summarized, as
follows:

When I, < 2.60, assume soils are sand-like:

Use Robertson and Wride (1998) recommenda-
tion based on Quc, = K¢ Qu, where K, is a
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function of I.. Robertson and Wride (1998) set
a minimum level for CRR7 5 = 0.05.

When [, > 2.60, assume soils are clay-like where:
CRR75 = 0.053 Qu K, (18)

Boulanger and Idriss (2007) suggested that, in clay-
like soils, the minimum level for CRR75 = 0.17K,,
for soft normally consolidated soils.

For a more continuous approach, it is possible to
define a transition zone between sand-and clay-like
soils:

When I, < 2.50, assume soils are sand-like:

Use Robertson and Wride (1998) recommenda-
tion based on Ques = K¢ Qm, where K¢ is a
function of I.

When I, > 2.70, assume soils are clay-like, where:
CRR7;5 = 0.053Qu K, (19)

When 2.50 < I, < 2.70, transition region:

Use Robertson and Wride (1998) recommenda-
tions based on Qu,cs = KcQwm, wWhere:

Ke =6 x 1077 (1) 167 (20)

The recommendations where 2.50 < I, < 2.70 rep-
resent a transition from drained cone penetration to
undrained cone penetration where the soils transition
from predominately cohesionless to predominately
cohesive.

Figures 9 and 10 show the proposed combined
relationships for CRR75 = 0.5 and 0.2, respectively,
compared to the expanded database. Additional non-
liquefaction data points (28 in total) have been added
from the published case history records. The ‘non-
liquefaction’ points reflect soil layers (predominately
clay-like soils) that did not ‘liquefy’ and did not show
any observable/recorded deformations (i.e. no cyclic
failure). As noted above, the criteria to define CRR7 5
in clay is a shear strain of 3%. Figure 9 includes two
data points (Yalova Harbour and Soccer Field sites,
Kocaeli earthquake, Turkey, 1999) where cyclic soft-
ening may have occurred in the soft clay layer during
earthquake shaking but no significant post-earthquake
deformations within the clay layers were observed or
noted. The lack of observed deformation in the clay
layers at the two sites in Turkey may have been due
to small static shear stresses at the depth of the clay.
Figure 10 includes one data point from the Moss Land-
ing site (Sandholt Rd., Loma Prieta, 1995) where a soft
silty clay (Qm = 4 to 5, F; = 3 to 4%) appears to have
been close to cyclic failure and where a small amount
of post-earthquake lateral deformation (approximately
y = 0.5%) was observed from slope indicator mea-
surements (Boulanger et al., 1995) and where the
CSR7.5 was about 0.25.

Data from three sites (Marina District, Treasure
Island Alameda) with deposits of soft, sensitive San
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Fransico (SF) young Bay Mud are also identified in
Figure 10. These sites likely experienced a CSR7 s
of about 0.15 during the Loma Prieta earthquake but
showed no reported signs of deformations within the
clay layer. This may have been, in part, due to the
rather small static shear stress at these sites within
the soft clay. The less reliable Class C data have not
been included in Figures 9 and 10.
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Boulanger and Idriss (2004) showed that high static
shear stresses in soft clays can initiate cyclic failure
during earthquake loading. They presented results
from sites that experienced ground failure during
the Kocaeli 1999 earthquake in soft clays where the
static shear stresses were high. The above CPT-based
approach to estimate CRR also correctly predicts
ground failure at the sites presented by Boulanger
and Idriss (2004) when K, < 1.0.

Typically, when I > 2.60 the soils are generally
fine-grained and more easily sampled. Therefore, in
this region (I, > 2.60), selective sampling and labora-
tory testing can be appropriate, depending on the risk
of the project.

7 POST-EARTHQUAKE DEFORMATIONS

Estimating deformations in soils is generally difficult,
due to the non-linear, stress dependent stress-strain
response of soils. Estimating deformation after earth-
quake loading is more difficult, due in part to the
complex nature of earthquake loading and the role of
soil stratigraphy and variability.

Idriss and Boulanger (2008) present a summary
of alternate approaches to estimating post-earthquake
deformations depending on the risk and scope of the
project. For low to moderate risk projects it is common
to estimate post-earthquake deformations by estimat-
ing strains and then integrate those strains over depth
to estimate deformation. The estimated deformations
may also be empirically adjusted on the basis of cal-
ibration to case history observations. For high risk
projects it is appropriate to perform complex non-
linear dynamic numerical analyses if initial screening
indicates a need.

7.1 Vertical settlements due to reconsolidation

Post-earthquake vertical displacements can develop
in two ways: (1) settlement caused by reconsolida-
tion, and (2) vertical displacement caused by shear
deformation associated with lateral deformation. This
section addresses only settlements caused by recon-
solidation.

Volumetric strains—cohesionless sand-like
soils

Post-earthquake reconsolidation volumetric strains
are generally estimated using relationships derived
primarily from laboratory studies. Methods are then
evaluated using case history observations. One of the
primary laboratory studies used is that by Ishihara and
Yoshimine (1992) for cohesionless soils. Ishihara and
Yoshimine (1992) observed that volumetric strains of
sand samples were directly related to the maximum
shear strain during undrained cyclic loading and to

7.1.1
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the initial relative density of the sand. Ishihara and
Yoshimine (1992) showed that when FSy;q > 1 some
shear and volumetric strains still occur and that as
the FSq decreases (FSyq < 1), shear and volumetric
strains increase but reach maximum values depend-
ing on the relative density. When FSj;q < 1.0, loose
cohesionless soils have reached zero effective stress
with a loss of structure/fabric, the stiffness of the soil is
then very small during reconsolidation that can result
in large volumetric strains.

Zhang et al. (2002) coupled the Robertson and
Wride (1998) CPT-based method using clean sand
equivalent values to determine FSjjq with the Isihahara
and Yoshimine (1992) volumetric strain relationships,
to provide a method to estimate the post-earthquake
vertical reconsolidation settlements. Zhang etal. (2002)
evaluated the approach using case history observations
and showed that the approach provided reasonable
predictions of settlements, although details on site
geometry and soil stratigraphy play an important role.
Since most cohesionless soils have relatively high
permeability, the post-earthquake reconsolidation set-
tlements occur relatively soon after the earthquake,
but depend on soil stratigraphy and drainage.

7.1.2  Volumetric strains—cohesive clay-like soils

Factors affecting vertical (1-D) settlement caused by
post-earthquake reconsolidation of clay layers are dis-
cussed in Ohara and Matsuda (1988), Matsuda and
Ohara (1991) and Fiegal et al. (1998). The limited
laboratory data indicate that reconsolidation volu-
metric strains are controlled primarily by the max.
shear strain which is function of the factor of safety
(FS, _3%) and stress history (OCR) of the soil. Dur-
ing undrained cyclic loading, pore pressures develop
that result in a decrease in effective confining stress.
However, the effective stresses generally do not reach
zero and the soil retains some structure and stiff-
ness. Wijewickreme and Sanin (2007) showed that,
on average, for a wide range of fine-grained soils,
when FSj;q =1 the excess pore pressure represents
about 80% of the effective confining stress
(i.e. Au/o), =1, = 0.8). Volumetric strains occur
as the soil reconsolidates back to the in-situ effective
confining stress. The volumetric strains in cohesive
soils during reconsolidation after earthquake loading
are generally much smaller than those observed in
cohesionless coarse-grained soils because cohesive
soils retain some level of stiffness during reconsol-
idation. Case history field observations have also
shown that post-earthquake settlements, due to recon-
solidation, are generally small at sites with thick
deposits of cohesive soils. For example, the San
Fransico Bay area in California has extensive thick
deposits of soft (young) Bay Mud (essentially nor-
mally to lightly overconsolidated clay) but very few
observations of measurable post-earthquake settle-
ments within the clay deposits were made following

16
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the Loma Prieta earthquake. The re-evaluation of
post-earthquake reconsolidation settlements at the
Marina District, Treasure Island and Moss Landing
sites following the Loma Prieta earthquake and sites
in Taiwan following the Chi-Chi earthquake, sug-
gest an average volumetric strain of less than 1% in
fine-grained soils.

Volumetric strains for cohesive soils can be estimated
using the 1-D constrained modulus, M, and the change
in effective stress due to the earthquake loading where,

Eyol = (AO’;/M) (21)
Ao, = 1,0, (22)

The buildup in pore pressure and hence, change in
effective stress, is a function of the factor of safety
(FS) and the OCR of the soil. Laboratory test results
indicate that r, is a function of FS. When FS = 1.0,
r, = 0.8 and when FS = 2, r, = 0. Assuming a
linear relationship between FS and r, and an inverse
relationship with OCR gives:

ry = [0.8 — 2.66 log (FS)]/OCR

where: r, </ = 1.0, when FS = 0.84
Kulhawy and Mayne (1990) showed that OCR can
be estimated from the CPT using:

(23)

OCR = 0.33 Qu (24)
Hence,
Ao, =[0.8 —2.661log (FS)] 6,,/0.33 Qu (25)

Assuming the 1-D constrained modulus during
reconsolidation is generally larger than the initial
constrained modulus estimated from the CPT:

M = A Mcpr (26)

The 1-D constrained modulus estimated from the
CPT is equivalent to the modulus from the in-situ
stress to a higher stress, whereas during reconsolida-
tion the cohesive soil has become overconsolidated
due to the decrease in effective stress and the recon-
solidation modulus is stiffer. For soft normally con-
solidated cohesive soils the reconsolidation stiffness
is about 10 Mcpr. Whereas, in stiff overconsolidated
cohesive soils, the reconsolidation stiffness is approxi-
mately equal to Mcpr. Therefore, assume that 4 varies
with OCR as follows:

A4 =10 —9log (OCR) 27)
Since OCR = 0.33 Qy,

A+ 10 —91og (0.33 Q) (28)
Robertson (2008) showed that in soft clays:

Mcer = (Qu)’0y, (29)
Hence:

Evol = [0.8 — 2.66 log (FS)1/[0.33A(Qw)’]  (30)

When FS < 0.84 setry, = 1.0 & limit gy < 1%.



The above procedure provides an approximate
estimate of the post-earthquake reconsolidation
volumetric strains in clay-like soils based on CPT
results. The re-evaluation of the expanded case history
database shows good agreement between observed
post-earthquake settlements and those calculated using
the Zhang et al. (2002) CPT-based method with the
continuous CPT records incorporating the above
method to estimate volumetric strains in clay-like soils.

7.2 Lateral displacements due to shear deformation

7.2.1 Shear strains—cohesionless soils

Zhang et al. (2004) coupled the Robertson and Wride
(1998) CPT-based method to determine FSjy with
the Isihahara and Yoshimine (1992) maximum shear
strain relationships to provide a method to estimate the
post-earthquake lateral displacement index (LDI).
Zhang et al. (2004) used case history observations
to modify the LDI based on ground geometry to esti-
mate actual lateral displacements. Zhang et al. (2004)
evaluated the approach using case history observations
and showed that the approach provided reasonable pre-
dictions of settlements. Chu et al. (2007) showed that
the Zhang et al. (2004) CPT-based method provided
reasonable but generally conservative estimates of lat-
eral displacements from the 1999 Chi-Chi (Taiwan)
earthquake. Chu et al. (2007) also showed that shear
strains at a depth more than twice the height of the free
face should not be included in the method, since static
shear stresses are likely too small to contribute to the
lateral deformation.

7.2.2 Shear strains—cohesive soils

The potential for shear deformations or instability in
clay-like cohesive soils depends heavily on the static
shear stresses (which can be captured via K, ) and the
sensitivity of the soil.

Boulanger and Idriss (2004) have shown that high
static shear stresses in soft clays can initiate high
shear strains during earthquake loading. The CPT-
based approach described here captures the decrease
in FS in clay-like soils when an appropriate value of
K is used.

If clays are sensitive and show significant strain
softening in undrained shear (i.e. high sensitivity, S;),
strength loss can lead to significant deformations and
instability. Boulanger and Idriss (2007) stated that
the magnitude of strain, or ground deformation, that
will reduce the clay’s undrained shear strength (s,)
to its fully remolded value (s, ) is currently diffi-
cult to assess, but it is generally recognized that it
would require less deformation to remold very sensi-
tive clays than more ductile relatively insensitive clays.
Based on the assumption that the CPT sleeve friction
(fs) measures the remolded shear strength of the soil
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(i.e. syr = fy), it is possible to estimate the sensitivity
of clays using CPT results (Robertson, 2008); where:

S = su/Sur) = 7.1/F; (31)

It is also possible to estimate the remolded undra-
ined shear strength ratio (sy+/0y,) using (Robertson,
2008):

Sur/o\;o = fs/o\;o = (F;- Qm)/lOO (32)

As soil sensitivity increases, CPT data moves to the
left on the Qg, — F; SBTn chart, as F, decreases with
increasing S;.

In a general sense, the FS(, 3y, is controlled by
the OCR and peak undrained shear strength of the
clay (i.e. Qu, equation 18) whereas the potential for
strength loss and large deformations is controlled by
the sensitivity of the clay (i.e. F;, equation 31).

8 EVALUATION OF POST-EARTHQUAKE
DEFORMATIONS USING CASE HISTORY
OBSERVATIONS

Zhang et al. (2002; 2004) showed that CPT results
could be used to provide reasonable estimates of post-
earthquake reconsolidation settlements and lateral
spread deformations. However, at that time there were
limited case history records that had CPT profiles. The
earthquakes in Turkey and Taiwan in 1999 have now
added to the case history records with CPT profiles
and recorded deformations. The following is a brief
summary of a comparison between shear deformations
observed at sites in Taiwan and Turkey and those pre-
dicted using the Zhang et al. (2004) CPT-based method
but with the updates described in this paper. Four sites
experienced lateral spreading during the Kocaeli earth-
quake, Turkey in 1999, namely: Police Station, Soccer
Field, Yalova Harbour and Degirmendere Nose sites.
Several sites also experienced lateral spreading during
the Chi-Chi earthquake in Taiwan in 1999. As noted
earlier the sites at Yalova Harbour and Soccer Field
have deposits of soft clay that would be predicted to
have been close to cyclic failure, but appear to have had
little influence on the lateral spread deformations due
to the low static shear stress at the depth of the soft clay.
Hence, these sites do not assist in our estimate of prob-
able post-earthquake shear strains in clays. Figure 11
shows a summary of the predicted post-earthquake
lateral displacements compared to the measured lat-
eral displacements at the sites in Turkey and Taiwan
based on the Zhang et al. (2004) CPT-based method
with the updates described in this paper. The updated
CPT-based method to estimate liquefaction and cyclic
softening appears to provide reasonable estimates of
lateral deformations.

The updated CPT-based method, including the addi-
tion for estimating cyclic softening in clay-like soils,
was used to re-evaluate the available case history
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Figure 11. Measured post earthquake lateral displacements
compared to predicted values using Zhang et al. (2004)
CPT-based method.

CPT records and showed that clay-like soils gener-
ally play a minor role in almost all the available case
history records. Although some clay-like soils likely
experienced some cyclic softening during the earth-
quake, they generally appear to contribute little to
the observed deformations, except the few cases where
high static shear stresses contributed to ground failure
(Boulanger and Idriss, 2004). In a general sense, cyclic
softening and ground failure during seismic loading
for clay-like soils is confined to soft, normally to
lightly overconsolidated and/or sensitive fine-grained
soils.

9 SUMMARY

This paper has presented an update of the Robertson
and Wride (1998) CPT-based method to evaluate
both liquefaction and cyclic softening in cohesionless
and cohesive soils. Case history records have been
carefully reviewed to re-evaluate the CPT-based method.
Where possible, the near continuous CPT records have
been used in the re-evaluation. The original Robertson
and Wride (1998) method has been updated using a
new stress normalization procedure that captures the
change in soil response with increasing overburden
stress and avoids the need for the K, correction for
high overburden stresses. A transition zone detection
feature has also been included to identify zones where
the near continuous CPT data may incorrectly inter-
pret soil type, due to rapid variation at soil boundaries.
The method has also been extended to include cohe-
sive clay-like soils using the concepts described by
Boulanger and Idriss (2004). The extension into the
clay-like region avoids the need for a SBTn I, cut off
to separate sand-like from clay-like soils.

Figure 12 presents a summary of the CPT SBTn
Qu — F; chart to identify zones of potential liquefac-
tion and/or cyclic softening. The chart in Figure 12
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Figure 12. CPT Soil Behavior Type (SBTn) chart for
liquefaction and cyclic softening potential.

can be used as a guide for the choice of engineer-
ing procedures to be used in evaluating potential
deformation and strength loss in different types of
soils during earthquakes. Zones A; and A, corre-
spond to cohesionless or sand-like soils for which it
is appropriate to use existing CPT case-history based
liquefaction correlations. Soils in Zones A and A; are
both susceptible to cyclic liquefaction, while the looser
soils in zone A, are more susceptible to substantial
strength loss. Zones B and C correspond to cohesive
or clay-like soils for which it is more appropriate to
use procedures similar to, or modified from, those
used to evaluate the undrained shear strength of clays
(e.g., field vane tests, CPT, and shear strength tests on
high-quality thin-walled tube samples). Soils in Zones
B and C are both susceptible to cyclic softening (e.g.
accumulation of strains if the peak seismic stresses are
sufficiently large), but the softer soils in Zone C are
more sensitive and susceptible to potential strength
loss. For moderate to high risk projects, undisturbed
sampling of soils in Zones B and C is recommended
to determine soil response, since soils in these zones
are more suitable for conventional sampling and lab-
oratory testing. Loose, saturated, non-plastic silts
often fall in Zone C, however, their CRR is strongly
controlled by undrained shear strength and the meth-
ods described for clay-like soils also apply. However,
the resulting shear and volumetric strains should be
evaluated based on either, undisturbed sampling and
laboratory testing for moderate to high risk projects,
or, assumed conservative values for low risk projects.
For low risk projects, disturbed samples should be
obtained for soils in Zones B and C to estimate if the
soils will respond either more sand-like or clay-like,
based on Atterberg Limits and water content.

The CPT is a powerful in-situ test that can provide
continuous estimates of the potential for either lique-
faction or cyclic softening and the resulting
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post-earthquake deformations in a wide range of soils.
However, the CPT-based approach is a simplified
method that should be used appropriately depend-
ing on the risk of the project. For low risk projects,
the CPT-based method is appropriate when combined
with selective samples to confirm soil type as well as
conservative estimates of soil response. For moderate
risk projects, the CPT-based method should be com-
bined with appropriate additional in-situ testing, as
well as selected undisturbed sampling and laboratory
testing, to confirm soil response, where thin-walled
tube sampling is generally limited to fine-grained
soils in Zones B and C. For high risk projects, the
CPT-based method should be used as an initial screen-
ing to indentify the extent and nature of potential
problems, followed by additional in-situ testing and
appropriate laboratory testing on high quality samples.
Advanced numerical modeling is appropriate for high
risk projects where initial screening indicates a need.

Cohesionless soils (4] & A;)—Evaluate potential
behavior using CPT-based case-history liquefaction
correlations.

A Cyclic liquefaction possible depending on level
and duration of cyclic loading.

A» Cyclic liquefaction and post-earthquake strength
loss possible depending on loading and ground
geometry.

Cohesive soils (B & C)—Evaluate potential behavior
based on in-situ or laboratory test measurements or
estimates of monotonic and cyclic undrained shear
strengths.

B Cyclic softening possible depending on level and
duration of cyclic loading.

C Cyclic softening and post-earthquake strength
loss possible depending on soil sensitivity, loading
and ground geometry.
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Performance of foundation ground in Kashiwazaki-Kariwa
Nuclear Power Station during 2007 Chuetsu-Oki earthquake

T. Kokusho
Civil Engineering Department, Chuo University, Tokyo, Japan

ABSTRACT: The Kashiwazaki-Kariwa NPS located near the focal region of the 2007 Niigataken-Chuetsu-Oki
earthquake (M; = 6.8) was attacked by a fierce seismic motion which far exceeded the design motion. All
the reactors stopped safely without major release of radioactive materials. The seismic effect on important
nuclear facilities embedded directly on rock was limited, while backfill soils around them suffered considerable
settlement of more than 1 m. Strong ground motions were recorded by a number of seismometers deployed
in the NPS, including a down-hole array which clearly indicated soil nonlinearity effect in surface soil layer.
In this paper, time histories, response spectra and Fourier spectrum ratios of the recorded motions are shown
and their characteristics are discussed. Then, soil properties exhibited during the earthquake are back-calculated
to indicate a great degree of strain-dependent nonlinearity in sand dune layers. Based on the results, seismic
wave energy propagating upward is quantified. Finally, geotechnical performance of building foundations and
surrounding ground is explained focusing on large settlement of the backfill soils including the soil properties,
indicating the great impact of the seismic motion. Considering the damage caused by the subsidence, criteria
for geotechnical performance specifically for NPS is discussed.
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Table 1. Maximum acceleration and velocity in strong motion records in past 7 decades.
. . . Maximum Maximum
Year liz/ilrthgualt(}: Observation site HEplcemfr d;tztmce. .eR Acceleration Velocity
(M) (Depth) ypocenter distance: (gal = cmv/s?) (cm/s)
Imperial Valley EQ. (USA)
1940 Mg=17.1) El Centro 342
Kern County EQ. (USA)
1952 (Ms=7.7) Taft 155
Tokachi-Oki EQ. .
1968 M, =8.0) Hachinohe Harbor 225
1971 San &Z“j’?gf(% k(gS)A) Pacoima Dam e=11km 1055 58
1978 M‘ya(%\j}jefgé‘)‘ EQ. Kaihoku Bridge 287
Loma Prieta EQ. (USA) Corralitos e="T7km, R=19km 620 55
1989 Ms=7.1) (18 k
(Ms=7.1) (18 km) Capitola-Fire Station e= 9km, R=20km 460 36
1994 North Ridge EQ. (USA) Tarzana e = 5km, R=20km 1780 110
M, =67) (19km) Pacoima Dam R=19km 1500
JMA-Kobe NS e = 17km, R=23km 818 90
Hyogoken Nambu (Kobe) EQ. JR-Takatori EW e= 11km, R=19km 656 124
1995 -
(M;=7.2) (16 km) Port Island
(GL-83.4 m: NS) e =18km, R=24km 679 59
Kocaeli (Turkey) Adapazari(Sakarya) EW e= 7km, R=19km 398 48
1999 Ms=7.8) (18 k
(Ms=7.8) (18 km) Duzce NS e=15km, R=23km 374 54
TCUO065 EW e=27km, R=28km 797 110
Chi-Chi (Taiwan) - — —
1999 (Mg=7.6) (7km) TCU084 EW e=9km, R=11km 1133 115
TCUO0129 EW e = 14km, R=16km 995 54
2003 Tokachi-Oki EQ. Hiroo k-net EW e = 85km, R=96km 970 49
(M; =8.0) (45 km ) Makubetsuchou JMA EW e = 139km 875 32
R =146 km
Ojiya k-net EW e=T7km, R=15km 1311 125
Niigataken Chuetsu EQ. SR _ _
2004 (M, =6.8) (13km) Kawaguchi JMA EW e=3km, R=13km 1637 148
Tokamachi k-net NS e=21km, R=25km 1715 55
Wajima JMA NS e=27km, R= 29km 463 94
Noto Hanto EQ. - — —
2007 (M, =6.9) (11 km ) Wajima K-net NS e=28km, R=30km 519 39
Anamizu K-net EW e=20km, R=22km 782 98
2007 Niigataken Chuetsu-Oki EQ. Kashiwazaki K-net NS e=21km, R=27km 665 109
(M;=6.8) (17 km ) Kashiwazaki-Kariwa NPP
Service Hall PEW (GL-99.4m)| ¢~ !0km, R=23km 046 05
Higashi-Naruse kik-net EW e=21km, R=23km 2448 75
Iwate-Miyagi Nairiku EQ.
2008 M= 72) (8km) Q[T ichinoseki-Nishi kik-net EW | e = 3 km, R—8km 1434 62
Ichinoseki-Higashi kik-net EW e= 13km, R=15km 1053 45

in USA, the acceleration (PGA) of 1 G and 1.8 G
measured in Pacoima dam and in Tarzana, respectively,
did not make significant structural damage in the sur-
rounding area. During the 2004 Niigataken Chuetsu
earthquake in Japan, PGA of 1.7 G in Tokamachi again
did not produce so much damage as anticipated. Other
than these, there are quite a few similar cases where no
significant damage occurred under PGA larger than
1 G. It indicates that the acceleration may not be a
proper parameter to govern the deterioration of struc-
tures or soils if it is used alone without referring to
other parameters such as particle velocity or seismic
wave energy (Kokusho et al., 2007).

Recent strong motion records also indicate signif-
icant spectral characteristics which may have strong
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impact on seismic damage. Figs. 2(a) and 2(b) sum-
marizes acceleration and velocity response spectra
(5% damping ratio), respectively, of strong motion
records obtained in near-source stations. Note that, in
many of the acceleration spectra of destructive earth-
quakes (i.e., 1995 Kobe, 1999 Chi-Chi, 2004 Chuetsu,
2007 Chuetsu-Oki) peak frequencies are relatively low
(around 1 Hz). It is interesting that some earthquakes
which show very high response accelerations in fre-
quencies much higher than 1 Hz did not inflict heavy
structural damage as exemplified in Hiroo during the
2003 Tokachi-Oki EQ. and also in Higashi-Naruse
during the 2008 Iwate-Miyagi Nairiku EQ.

In accordance to that, the velocity spectra of many
destructive earthquakes have very high peaks at periods
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around 1 s or longer. At JR Takatori specifically where
numerous human lives were lost during the 1995
Kobe earthquake due to collapse of old wooden houses,
the peak period was about 2 s and the peak response
velocity was as high as 400 cm/s. The 1999 Chi-Chi
earthquake in Taiwan causing devastation in build-
ings, slopes, etc. show the peaks exceeding 400 m/s
at 1-2 seconds. At Kawaguchi during the 2004
Niigataken Chuetsu earthquake which triggered sev-
eral thousands of failures in natural slopes and emb-
ankments, the peak period was around 2s and the
response velocity was as high as 500 cm/s. At 2 near-
source sites during the 2007 Chuetsu-Oki earthquake,
which will be discussed in detail later, the peak periods
are longer than 2 s with peak velocities 400-500 m/s.

Thus, the recent dramatic increase of PGA and
PGV urges us to revaluate how to design new build-
ings and new civil structures properly and also how to
retrofit existing structures particularly from the view-
point of their performance during design earthquakes.
One of the major challenges for geotechnical engine-
ers in particular is to shift from the force-equilibrium
concept based on acceleration or its modified seismic
coefficients to the deformation-energy concept based
on time/spectrum-domain calculations.

With the considerable increase of PGA in highly
seismic areas, many of the conventional design sche-
mes based on the force-equilibrium are not realistic
and intolerable in terms of economy. If high PGA
is directly used for stability calculation of structures,
slope stability evaluations or liquefaction susceptibil-
ity evaluations of foundation soils, the solution is not
allowable in many cases.

More and more numerical analyses incorporating
time-histories of input seismic motions and strong
nonlinear response of soils are already in practical use.
It is preferable for such numerical tools to be as simple
as possible so that it can capture the essential aspect
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Response spectra of Acceleration (a) and Velocity (b) of strong ground motion records.

of seismic behavior without employing too many
parameters. However, uncertainties involved in such
analytical methodologies seems to become enormous
as seismic input motions get stronger and soil nonlin-
earity gets greater. What we need in judging their reli-
ability and how to choose appropriate values for input
parameters is a sort of benchmark case histories with
well-documented geotechnical and seismic condi-
tions. “Case History Volume for Performance-Based
Design in Earthquake Geotechnical Engineering”
published by TC4, ISSMGE, during the International
Conference IS-Tokyo 2009 aims to serve as such ben-
chmarks for geotechnical engineers and researchers.

With what has been mentioned above as a back-
ground, a performance of a nuclear power station
(NPS) which experienced one of the strongest seismic
shaking during recent earthquakes and unexpected
geotechnical damage there is addressed in this paper.
Dynamic ground response and soil subsidence due to
immensely strong ground motions and their impact on
the performance of the NPS will be discussed.

First, strong motion records obtained by a set of
accelerometers installed in the NPS are incorporated
to characterize ground motions and soil response. Ver-
tical array records in the site are back-calculated to
optimize soil properties and to examine the degree of
soil nonlinearity exhibited during the earthquake. Fur-
thermore, seismic wave energy is evaluated based on
the records and the back-calculated properties to char-
acterize the incident wave of the earthquake in terms
of energy. Next, the effect of the seismic motion on the
NPS is addressed focusing on the subsidence of the
backfill soils. Soil investigations carried out after the
earthquake are reviewed and the cause of the subsi-
dence and associated structural damage are discussed.
Finally, based on this case history, performance criteria
for such critical facilities as NP stations are considered
from a geotechnical engineering point of view.



2 NIGATAKEN CHUETSU-OKI
EARTHQUAKE

2.1 Earthquake and nuclear power plant

The Niigataken Chuetsu-Oki earthquake (M; = 6.8),
which occurred in July 16, 2007 along the coast of
Sea of Japan, attacked a relatively narrow region
encompassing Kashiwazaki city and Kariwa village of
Niigata prefecture with very strong intensity of shak-
ing. Although the epicenter was about 10 kilometers
off the coast, the fault rupture (the reverse thrust with
the strike N 30° E) seems to have reached inland.

Fig. 3 is the satellite photograph of the area strongly
affected by the earthquake. The Kashiwazaki-Kariwa
Nuclear Power Station (KK-NPS), the largest capac-
ity NPS in the world with 7 reactors belonging to
Tokyo Electric Power Company (TEPCO), was situ-
ated in the focal area along the coast and about 6 km
far from the center of Kashiwazaki city. It experienced
strong shaking exceeding the design acceleration spec-
tra by 2-3 times at the maximum. Despite that, all
the nuclear reactors during operation were stopped
safely and cooled down without significant leakage of
radioactive materials. In a good contrast to that, con-
siderable settlement occurred in backfill soils placed
around important buildings (embedded on bedrock),
buried conduits and pipes, causing damage in facili-
ties not critical in terms of nuclear safety. The seismic
design of these non-nuclear facilities was regulated in
accordance to conventional criteria for general civil
engineering structures.

Strong motion records were obtained by a set of
accelerometers installed at the ground surface and in
deeper levels in the NPS site. Besides those, a K-net

Sea of Japan

Kashiwazaki-
Kariwa NPS

Kashiwazaki
K-net

Figure 3. Damaged area along the coast of Sea of Japan
(from Google Map).
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station near the center of Kashiwazaki city which had
been deployed by NIED (National Research Institute
for Earth Science and Disaster Prevention in Tsukuba,
Japan) obtained the record at the ground surface. The
surface soil layer of the K-net site consists of relatively
dense dune sand of about 18 m thick followed by Pleis-
tocene stiff clay of 45 m thick, which are underlain
by Tertiary mudstone. Fig. 4 shows the acceleration
time histories of the K-net Kashiwazaki in EW and NS
directions. A very peculiar shape of waves can be rec-
ognized in the acceleration, which presumably reflects
the cyclic mobility of saturated sand sheared by seis-
mic wave in undrained condition, indicating that the
dune sand was not loose enough to fully liquefy there.

Fig. 5 shows a plan view of the KK-NPS with the
area of about 3 km by 1.5 km, in which 7 units of
the power station (5 Boiled Water Reactors and 2
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Figure 4. Acceleration records of K-net at Kashiwazaki
city showing cyclic mobility.

No.1~5 :BWR (1100MW)
No.6~7 :ABWR (1350MW)

Vertical array near
Unit 5

near Unit 1 1000-m

Vertical array at
Service Hall

Figure 5. Plan view of Kashiwazaki-Kariwa NPS having
7 Units of power stations with installed accelerometers and
vertical arrays.
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Figure 6. Geological cross section of 7 RB buildings embedded on bedrock in Kashiwazaki-Kariwa NPS.

Advanced Boiled Water Reactors) are situated along
the coast. Each unit consists of a reactor building (RB)
on the inland side and a turbine building (TB) on the
seaside. Fig. 6 shows the typical geological profile of
the 7 units. The geological setting of the site is basi-
cally the same in this area including the Kashiwazaki
K-net and consists of dune sand at the top underlain
by Pleistocene soil and Tertiary mudstone. Nuclear-
related important facilities, such as reactor buildings
(RBs) and turbine buildings (TBs), were all embed-
ded directly on the Tertiary rock and backfilled by the
dune sands.

2.2 Earthquake records

The accelerometers had been installed at many loca-
tions in the NPS, on the ground surface, in bore-
holes and inside the buildings, though not all of them
could record the time history of the main shock. All
accelerometers plotted in Fig. & are 3-dimensional,
EW, NS and UD, though the horizontal directions are
not the true EW/NS directions but modified by 19
degrees according to the plant alignment (named here
as PEW/PNS) as shown in Fig. 5. It should be pointed
out that the ground motion was obviously larger in
the PEW direction than in the PNS direction presum-
ably due to the fault rupture mechanism. Also noted is
that the motions of Units 1-4 were apparently larger
than those of Units 5-7 which are located by 1 km
north. The measured spectra exceeded corresponding
design spectra in all the units as already mentioned,
although no significant damage occurred with respect
to nuclear safety of critical facilities (Sakai et al.,
2009). It was also found that the maximum accel-
erations on the RB foundations were greater than
those given by empirical equations previously pro-
posed on the PGA attenuation with distance (Sakai
et al., 2009).

There were multiple down-hole vertical arrays
deployed in the site to monitor the seismic ampli-
fication in the ground. In the arrays indicated in Fig. 5
near Unit 1 (about 100 m apart) and Unit 5 (about
200 m apart), the acceleration time histories of the
main shock were unfortunately lost but its maximum
values (Apax) could be retained. Variations of Apax-
values for the two arrays are shown in Figs. 7(a)
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and 7(b) along the ground depth for PEW and PNS
directions and compared with those of aftershocks. In
the same charts, the soil profiles, S-wave velocities
(Vs) and the installation depths of accelerometers are
also depicted. For both arrays, the top 20-30 m is
Pleistocene deposits underlain by the Tertiary mud-
stone base rock. Note that the acceleration was as high
as 1 G at the depth of 250 m and evidently deampli-
fied in the surface soil layer, quite different from the
aftershocks, presumably due to soil nonlinearity near
Unit 1. In contrast to that, the A,.x-value near Unit 5
was comparatively smaller (about 0.4 G) in the base
rock and amplified in the surface layer in the same
manner as the aftershocks.

The array at Service Hall (shown in Fig. 5) dis-
tant from the power units and on the top of a sand
dune was only one which could successfully record
the down-hole acceleration time histories. In the next
section, the records will be analyzed in detail to discuss
how the foundation soil of the NPS behaved during
strong shaking.

3 ANALYSIS OF VERTICAL ARRAY
RESPONSE AND SOIL PROPERTIES

3.1 Vertical array records

The vertical array installed at Service Hall (SH) con-
sists of 4 down-hole accelerometers at the depth of
GL-2.4 m, GL-50.8 m, GL-99.4 m and GL-250 m as
depicted in Fig. &. The top 2 are in the sand dune layer
of 83 m thick and the bottom 2 are in the Tertiary
mudstone. The water table is judged to be at GL-45 m
because the P-wave velocity shown in the figure jumps
from 650 m/s to the value exceeding Vp = 1500 m/s,
there.

Fig. 9 shows the acceleration response spectra in
the two horizontal directions near the ground surface
(GL-2.4 m) at the vertical array, which are compared
with those of the K-net records. The peak periods are
about 2 seconds, indicating a great contribution of long
period motions to the shaking. The spectra in the two
sites about 6 km far look similar as a whole, but if the
spectrum of the Service Hall and that of the K-net are
compared, the former is larger in the period longer than
around 0.5s. This may reflect the dynamic response
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Figure 7.

of sand dune soils of Service Hall much thicker than
the K-net site as will be mentioned later.

Acceleration time histories at the 4 levels in PEW
direction during the main shock are shown in Fig. 1C.
Note that the recorded motions at the ground surface
here show no indication of cyclic mobility unlike the
K-net record shown in Fig. 4. The greater depth of
the ground water table at the Service Hall than at the
K-net may be one of the reasons.

Corresponding acceleration response spectra for
D = 5% are shown in Fig. 11(a), indicating that the
long period motion of 7 > 0.5 s tends to amplify in
the interval of 250 m thick, whereas the motion shorter
than that clearly deamplify in the soil layer. The veloc-
ity response spectra for D = 5% of PEW direction in
Fig. 10(b) indicate that the peak period is longer than
2 s and the peak value is considerably amplified from
the bottom to the top. The similar trend can be recog-
nized also in the spectra in the PNS direction shown
in Figs. 11(c) and (d).
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Maximum acceleration A, (gal)

Maximum acceleration along depth for vertical arrays near Unit 1 (a) and Unit 5 (b).

The down-hole distributions of maximum accelera-
tion and maximum velocity in the horizontal direction
are depicted in Fig. 12. In accordance to the char-
acteristics in the response spectra in Fig. 11, a clear
trend of deamplification in acceleration in contrast to
amplification in velocity can be seen.

Fourier spectrum ratios were calculated between
the surface motion (at GL-2.4 m) and the down-hole
motions of deeper levels. The Parzen window 0f 0.3 Hz
is used in calculating the Fourier spectra. Figs. 13(a)
and 13(b) exemplify those between the surface and
GL-99.4 m for the PEW and PNS directions, respec-
tively. In the charts, not only the main shock but also
8 small shocks before the main shock are shown with
the curves of average + standard deviation. An obvi-
ous difference in the amplification can be recognized
between the two types of shocks. The frequency of the
first peak in the spectrum ratio tends to be lower in the
main shock, and the higher order peaks clearly identi-
fied in the small shocks become obscure in the main
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Figure 13.  Spectrum ratio between surface and GL-99.4 m;
comparison between main shock and small shocks before
main shock in PEW(a) and in PNS (b).
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Figure 14. Spectrum ratio between surface and GL-99.4 m
in PEW direction; comparison between small shocks before
main shock and aftershocks in PEW(a) and in PNS (b).

shock. These differences may be largely attributable
to strain-dependent soil properties in the layers above
the mudstone bedrock.

Also noted is the comparison depicted in Fig. 14
between the 8 small shocks before the main shock
(maximum acceleration at GL-2.4 m is 1-19 gal)
and 5 aftershocks (maximum acceleration at GL-2.4 m
is 18-77 gal) with the average £ standard devia-
tion between the surface (GL-2.4 m) and GL-99.4 m
in the PEW and PNS directions. There are slight
but obvious differences in peak frequencies in the
spectrum ratios between the two shocks, where those
in the aftershocks are evidently lower. Considering
that the induced soil strain was smaller than 10~ in
both shocks, these differences may presumably reflect
the disturbance of soil micro-fabrics due to strong
ground motion during the main shock (Kokusho and
Suzuki 2008b).

3.2 Back-calculation of soil properties

Back-calculation was carried out to optimize the soil
properties so that the spectrum ratios explained above
are best reproduced by using Extended Bayesian
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Method. Based on a 1D soil model constructed from
soil profiles provided by TEPCO, S-wave velocity Vs
and damping ratio D of individual layers are optimized
from initial values of guess to have the best fit with the
observed spectrum ratios (Kokusho and Suzuki 2008a,
2008Db). Values of Vs and D are postulated to be inde-
pendent of frequency as in the normal geotechnical
engineering practice.

Soil properties shallower than the second deepest
seismometer (GL-99.4 m) are first optimized by utiliz-
ing spectrum ratios between the surface and that level.
Then, properties deeper than that are optimized based
on spectrum ratios between the surface and the deepest
level. The frequency range for minimizing the residu-
als of spectrum ratios is chosen as 0.3 Hz to 10 Hz in
this analysis. Frequency increment used in the com-
putation is constant in the logarithmic scale so that
spectrum ratios in lower frequencies contribute more
to the computed residuals than those in higher frequen-
cies. Further details of the back-calculation procedures
are available in other literatures (Suetomi 1997 and
Kokusho et al., 2005).

Fig. 15 shows the optimized transfer functions of
GL-2.4 m/GL-99.4 m and GL-2.4 m/GL-250 m in
PEW and PNS directions compared to the correspond-
ing spectrum ratios by observation for the main shock.

In the same chart, transfer functions based on Vs by
wave logging tests are also superposed. Though the
optimized spectrum ratio does not match the observa-
tion so perfectly, it is definitely closer than that using
the small-strain properties in all cases.

In Fig. 16(a), as the result of the back-calculation,
the optimized values of Vs in the PEW and PNS
directions are shown versus the ground depth for
the main shock as well as the small shocks prior to
the main shock and the aftershocks. Compared to the
small strain Vs-logging values superposed in the chart,
the back-calculated values of Vs for the main shock
decrease by 37-23% in the soil layers and by 2—0.4%
in the Tertiary mudstone. The damping ratios D shown
in Fig. 16(b) are evaluated as 17-14% in the soil lay-
ers, which are considerably larger than the initial guess
corresponding to small strain values, while in the base
rock they are as small as 1.5—-1% not so different from
the initial guess. Fig. 16(a) also indicates that the
Vs-value for the small shocks which occurred prior
to the main shock is evaluated nearly identical to the
Vs-logging values, while that for the aftershocks is
slightly lower than the Vs-logging results.

Thus, it is certain from the back-calculation that a
obvious reduction of Vs took place during the main
shock in the soil layer, while the Tertiary base rock
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Figure 15.  Optimized spectrum ratio between surface and GL-99.4 m in PEW and PNS directions for main shock compared

to observations.
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behaved almost as a linear material with a minimal
Vs reduction of less than a few percent. The maxi-
mum induced strain calculated by a forward multiple
reflection analysis of SH-wave using the optimized
properties was 0.27% for the soil deposits consisting
of Pleistocene and Holocene natural soil.

As will be mentioned later, the Vs-value of the
artificially backfilled soil was 100-200 m/s down to
around GL-10 m, considerably smaller than that of
the natural soil layer of the vertical array. Considering
that induced shear strain y by a unilaterally propagat-
ing wave is expressed as y = u/Vs, much larger strain
is estimated to have occurred in the backfill even under
the same particle velocity & and the linear Vs-values,
leading to much more nonlinearity effect and volume
change there.

4 EVALUATION OF INCIDENT SEISMIC
WAVE ENERGY

4.1 Calculation of wave energy

Considering that the incident wave energy is directly
related to induced strain or damage in superstructures
in general (Kokusho et al., 2007), it is worthwhile
here to evaluate a seismic input not only by accel-
eration or velocity but also by energy. The seismic
wave energy E, if its major portion is assumed to be
transmitted by SH-wave, can be calculated simply as

E =V, f ()2dt (1)

where i is particle velocity of horizontal motion and
p Vs is the seismic impedance of a layer where the wave
is defined. Note that &z in Eq. (1) is the particle velocity
not directly of recorded motions but of traveling waves
in either upward or downward direction. Therefore, it
is essential to separate a measured motion at a point
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into upward and downward waves in order to evalu-
ate the individual energies (Kokusho and Motoyama
2002).

If a site consists of a set of horizontal soil lay-
ers and they behave as linear materials, upward and
downward waves at any point can be calculated from a
surface record based on the multiple reflection theory
(e.g. Schnabel et al., 1972) from which the flow of
the energy there is readily evaluated. During strong
earthquakes, though, seismic motions at the ground
surface are very much affected by the soil nonlin-
earity. However, the deeper the soil is, the more
linearly soil behaves even during strong earthquakes
(Kokusho et al., 1996). If vertical array records are
available, the energy flow in deeper ground can be
evaluated by using earthquake records at deeper lev-
els where seismic wave is less contaminated by soil
nonlinearity. The separation of upward and down-
ward waves from measured motions at two different
underground levels is readily made using the multi-
ple reflection theory as explained in another literature
(Kokusho and Motoyama, 2002). On the other hand,
the incident energy at a ground surface can be calcu-
lated by substituting a half of particle velocity there
into & in Eq. (1).

The upward energy thus calculated using the opti-
mized properties in PEW and PNS directions and
summed up in the two directions at GL-250 m,
GL-99.4 m, GL-50.8 mand at GL-2.4 mare 453 kJ/m?,
434 kJ/m?, 384 kJ/m? and 377 kJ/m?, showing a
gradually decreasing trend with decreasing depth.
Among them, the energies evaluated at GL-99.4 m,
almost the same elevation as the embedded founda-
tions of the reactor buildings (RBs), are exemplified
in Fig. 17 together with the corresponding veloc-
ity time histories. The upward energies increases
monotonically with time and amounts to be 351 kJ/m?
in PEW direction and 83 kJ/m? in PNS direction
eventually. Compared with the downward energy
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Figure 17. Time histories of wave energies and particle
velocities of upward & downward waves at GL-99.4 m. in
the directions of PEW (a) and PNS (b).

similarly calculated, the difference between them can
be calculated as shown in the chart, the final value of
which indicates the dissipated energy in the ground
above that particular depth (Kokusho and Motoyama
2002).

4.2 Energy spectrum

Though seismically induced strain or damage of struc-
tures is highly dependent on the incident wave energy,
another important damage-related parameter is the
frequency content of the incident energy in view of res-
onance of structures. In order to know the frequency-
dependent energy distributions, “energy spectrum” is
proposed herein as the power spectrum of the particle
velocity times the seismic impedance p V. Thus, the
total energy E defined in Eq. (1) can be expressed
as the sum of energy spectra, pVsT(4; + B})/2
corresponding to frequencies, f; = KAf’; as

N-1

E=pV, f @dt = p¥yAr 32
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where a velocity time history consisting of m dis-
crete data is expressed by the finite Fourier series
with coefficients 4; and By, and Af = 1/(NA?),
k =0,1,2,..., N2, At = time increment of the
velocity time history, N = thetotal data points in the
time history, and 7' = N At.

The energy spectrum of the incident wave at
GL-99.4 m is shown in Fig. 18, where, needless to
say, the sum of the individual spectrum amplitudes
is equal to the total energy (434 kJ/m?) in the PEW
and PNS directions at GL-99.4 m. Note that a major
portion (73%) of the incident wave energy during
the 2007 Chuetsu-Oki earthquake is in the frequency
range lower than 1.0 Hz, indicating that the earthquake
gave much stronger impact on the soil ground and the
backfill soils, which is greatly affected by long period
cyclic shearing, than on superstructures having higher
resonant frequencies.

4.3 Comparison of incident energy

In Fig. 16, the total energy at GL-99.4 m is plot-
ted with a star symbol versus the hypocenter distance
R = 23 km of the main shock. The solid line in the
chart indicates the energy per unit area calculated by a
simple equation assuming spherical energy radiation
with R as

Epp/4 = Eo/ (4 R?) 3)

where Ej is the total wave energy assumed to radiate
from the hypocenter and is determined using the
empirical equation by Gutenberg (1955):

logEy = 1.5M 4+ 11.8 @)
Here, Ey has the unit of erg (1 erg = 10~1" kJ), and M
is the earthquake magnitude using the Richter scale.
Here the Japanese Earthquake Magnitude, M;, was
used to compute £y because the Richter and Japanese
magnitude scales are almost equivalent. Thus, input
energies Ejp at bedrock during the earthquake may be
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Energy spectrum of incident wave at GL-99.4 m.
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Figure 19. Incident wave energy versus hypocentral dis-
tance evaluated from vertical array records compared with
simple calculation based on spherical energy dissipation.

readily computed by Egs. (3) and (4), if the earthquake
magnitude M and the focal distance R is given.

Incident energies at base layers 100-300 m deep
from GL computed from the KiK-net down-hole array
records (Kokusho et al., 2006) during the 2004
Niigataken Chuetsu earthquake (M, = 6.8) are also
compared in Fig. 19 with the same theoretical solid
line. In the same chart, incident energies at base
layers around 100 m deep during the 1995 Kobe earth-
quake (M; = 7.2) are also plotted and compared with
the dashed line by Egs. (3) and (4) (Kokusho et al.,
2006). The energy during the Chuetsu-Oki earthquake
was evidently higher in the near fault region than the
2004 Chuetsu earthquake of the same seismic mag-
nitude M; = 6.8. Also obvious is that the energy in
the NPS site was as high as in the Kobe earthquake
despite that the magnitude was smaller. One of the
reasons seems to be attributable to the fault mecha-
nism of the Chuetsu-Oki earthquake such as directivity
and asperity and their direction/location relative to
the NPS.

5 DYNAMIC RESPONSE
AND GEOTECHNICAL PERFORMANCE

5.1 Response of building foundations
and backfill

As explained above, the incident wave energy was
found large in long period motions in particular from
the seismic records in the NPS. In this section, the
performance of soils and foundations under the high
incident wave energy is explained with an emphasis
on ground subsidence in the backfill area.

As previously mentioned, the reactor buildings,
turbine buildings and other important structures were
embedded directly on foundation rock of Nishiyama
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mudstone of Neogene, which was covered with
Pleistocene dense dune sand. The details of the
embedment of the foundations and backfilling around
them are available in the case history paper by Sakai
et al. (2009). Fig. 20 illustrates the cross-sections
of Units 1-4. The building foundations are deeply
embedded in the excavated base rock directly or a
man-made rock as stiff as the natural rock. The four
sides of the buildings are backfilled by the dune sand,
the maximum thickness of which is 30 m and 25 m
on the left (sea) and right (inland) side, respectively,
being thicker on the seaside for most of the units. Dur-
ing the construction, the quality of the backfill soil
was controlled by a set of compaction machineries to
achieve a prescribed compaction rate of 95% given by
the dry density divided by the maximum density by 1
Ec (the standard energy by Procter). As regulated in
all reactor buildings in Japan, the ground water here
was designed to stay always at the foundation bottom
by pumping up (sub-drainage) in order to secure the
greatest possible shear resistance of the building foun-
dation without the buoyant effect. Hence, the backfill
soils near the buildings were unsaturated, although a
gradual increase of the phreatic level with increas-
ing horizontal distance from the buildings may have
occurred.

Fig. 21(a) shows the acceleration response spectra
of 5% damping ratio in the PEW direction obtained on
the deeply embedded concrete RB foundations of the
7 units superposed on the same chart. As previously
mentioned, the response of Units 1-4 is apparently
larger than that of Units 57, which are located by 1 km
north. As a whole, the peak periods of the accelera-
tion spectra are unexpectedly long indicating a great
involvement of long period ground motions. Actually,
the velocity response spectrum of the same motion
shown in Fig. 21(b) indicates that the peak period is as
long as 3 seconds and the response is again larger for
Units 1-4 than for Units 5-7.

There were no accelerometers recording the ground
motion directly on the backfill soils. However, there
were 2 seismometers near Units 1 and 5, about 200 m
eastward from the reactor buildings (See Fig. £), which
recorded acceleration time histories on the ground
surface. Fig. 22(a) compares the acceleration spectra
between the embedded RB foundations and the neigh-
boring ground surface for Units 1 and 5. Obviously,
the response acceleration of the ground surface near
the RBs takes much higher value than that at Ser-
vice Hall in the period shorter than 1 s if compared
between Figs. 22(a) and 11(a) presumably due to the
shallower thickness of the surface soil layer overlying
the Tertiary base rock.

The spectrum is obviously larger on the ground
surface than on the foundation, demonstrating the
effect of the embedded concrete foundation directly
resting on the base rock. This effect is particularly
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Figure 21. Acceleration response spectra (a) and velocity response spectra (b) of D = 5% in PEW direction on RB

foundations of 7 units.

clear for short period range of T~0.5 s or less, which
seems beneficial to mechanical equipments of the
plant facilities. The corresponding velocity response
spectra shown in Fig. 22(b) indicate that the response
velocity has a high value of about 300 m/s in a wide
period range of 0.5-3 s on the ground surface. The long
period motion seems responsible for the large subsi-
dence of backfill soils, because the longer the period,
the larger effect of cyclic shear stress can propagate to
deeper level of the ground.
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5.2 Subsidence of backfill

Fig. 23 depicts the subsidence contour map of the
ground surface around Units 1-4 (suffering greater
subsidence than Units 5-7), which was developed
by comparing two survey results before and after
the earthquake. It can be recognized first that the
post-earthquake ground subsidence tends to concen-
trate in backfilled areas near the buildings except for
near-shore or inland areas where subsidence occurred



6000 L L 500
= Acc. Response Spectrum | l Vel. response spectrum (| —
S (a) D=5% D=5% ) 400§
g e Uit 1 Gr. suIf.

S PEW —— Unit 1 RB found. BEW e
T 4000 === Unit 5 Gr. surf. =
s | AN | Unit 5 RB found. 3005
[} [} ®
g N 2
< ' 200 §
® f @
3 2000 U g
c % S
o ) 2
=3 A AN 100 §
Q R v ast D m
& R AA

0 T T = — 4 0
0.1 1 10 0.1 1 10
Period (s) Period (s)

Figure 22.

Acceleration response spectra (a) and velocity response spectra (b) of D = 5% in the PEW direction compared

between RB foundation and neighboring ground surface for Units 1 and 5.

Sea side

Figure 23.

by liquefaction of loose sand or embankment instability.
Fig. 24 shows examples of photographs of backfill area
of the heat exchange building of Unit 1 after the earth-
quake. Also noted is that there are wide areas where
no measurable subsidence occurred despite such a
strong ground motion except those where buried ducts
were backfilled. Two photographs in Fig. 25 show
clear difference of ground behavior with and without
backfilling around buried ducts.

Based on the detailed observations reported by
Sakai et al. (2009), subsidence around the important
buildings may be summarized as follows.

a. Subsidence of the backfill was particularly large
immediately beside the buildings and decreases
with increasing distance from them.

. The maximum subsidence of 1.6 m occurred at
Unit 1 where the backfill thickness was 25 m, indi-
cating the average compression strain larger than
6%. For other units, too, the strain was evaluated
more than a few percent just beside the build-
ings. This large subsidence can be explained not by
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Spatial distribution of ground subsidence due to earthquake for Unit 1-4 (Sakai et al., 2009).

liquefaction but by the interaction of unsaturated
backfill soils with the buildings.

. In the area slightly distant from the buildings, the
compression strain was evaluated as 1-2%, which
may be explained by cyclic straining of backfill
soils.

In addition to the above summary, a further obser-
vation concerning (b) above may be made from Fig. 23
in which the subsidence looks greater on the seaside
(west) than the inland side (east) of the buildings for all
Unit 1-4. Fig. 26 shows the backfill area of Unit 2, in
which the seaside of the turbine building was consider-
ably larger than the inland side of the reactor building
where the settlement was smaller and even some com-
pression failure of corner stones could be seen. This
may be partly attributed to the fact that the backfill
soil thickness was smaller on the inland side in most
of the units. However, Fig. 27 demonstrates the sim-
ilar difference of ground subsidence on the two sides
having almost identical backfill condition at the heat
exchange building of Unit 2.



Figure 24. Subsidence of backfill ground near unit 1 heat
exchanger building (Sakai et al., 2009).

Figure 25. Subsidence of backfill soil beside buried duct
(top: Sakai et al., 2009) and no visible subsidence where
nothing buried (bottom).

Relative horizontal displacement between the
buildings and the surrounding backfill during earth-
quake shaking may have something to do with this.
In Fig. 28(a), velocities and displacements of the RB
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Figure 26. Subsidence of backfill of Unit 2; seaside (right)
of turbine building with large subsidence (top) and inland
side (left) of reactor building with little subsidence or even
some effect of compression (bottom).

foundation and the surrounding ground surface of
Unit 1 are shown, which are calculated by integrat-
ing the acceleration time histories once and twice in
terms of time, respectively. Similarly, Fig. 28(b) shows
the corresponding results for Unit 5. The velocity at
ground surface in Unit 1 looks apparently strange
after 9 seconds as shown in the top row of Fig. 28(a),
reflecting the residual displacement which occurred
to the base mat of the accelerometer and actually con-
firmed after the earthquake. Hence, the corresponding
displacement in the bottom row of Fig. 28(a) is not
reliable in the latter part.

Note that the major ground motion with high accel-
eration and velocity finished by the end of the first
12 seconds, although larger displacement is calcu-
lated thereafter contributed presumably by very long
period motions, tectonic movements or possibly some
errors involved in the integration. It may be justified
to assume that the subsidence of the backfill occurred
due to shaking effect and mostly in the first 12 seconds.
During that interval, the displacements of the founda-
tion and the ground in Unit 5 fluctuate almost in paral-
lel, resulting in only a minimal relative displacement
between them. In contrast to that, a large difference
between the displacements is calculated from the first
part of the motions (before 9 seconds), which is exempt
from the subsequent residual offset, indicating that a


http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch2&iName=master.img-008.jpg&w=149&h=226
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch2&iName=master.img-009.jpg&w=140&h=209
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch2&iName=master.img-010.jpg&w=159&h=238

Figure 27.

Subsidence of backfill soil beside heat-exchange building of Unit 2; seaside (right) of the building with

large subsidence (top) and inland side (left) with little subsidence or even some compression heave (bottom).
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Figure 28. Velocity and displacement for ground surface

(b) in PEW direction.

distinct relative displacement between foundation and
ground may have occurred during the major shaking.

Though its absolute value may not be accurate
because the ground surface motion was measured at a
place about 200 m far from the RB foundation outside
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compared to RB foundation in Unit 1 (a) and Unit 5

the backfilled area, the qualitative trend seems suffi-
ciently reliable, implying that a relative displacement
occurred by the ground movement westward (seaward)
relative to the foundation. This relative horizontal dis-
placement may have made a significant contribution
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to the settlement of the backfill soils in addition to
the effect of the cyclic shear stress by the long period
motion previously mentioned.

As already explained, the settlement was particu-
larly large (1.6 m maximum) at the seaside of the build-
ings compared to the inland side probably because
the ambient soil tended to separate from the structure,
while in the inland side, even some compression heave
could be observed at some locations.

Similar direction-dependent difference of soil sub-
sidence could be observed in some of pile-supported
buildings in Kashiwazaki city, about 6 km far from
the NPS. Fig. 29 exemplifies the case in a large public
sports compound, where sea-side backfill area settled
considerably in contrast to inland side. These case
histories seem to give us a valuable lesson on how
soil-structure interaction possibly occur in near-source
regions of destructive earthquakes, which may lead to
very different settlement of backfill soil depending on
the directions.

5.3 Soil properties of backfill

After the earthquake, soil survey was densely imple-
mented by TEPCO to investigate the physical and
mechanical properties of the backfill soil. Bore holes
were drilled at several locations around the reac-
tor buildings of Unit 1-5 where substantial ground

Figure 29. Subsidence of backfill soil beside a sport com-
pound in kashiwazaki city; seaside of the building with
large subsidence (top) and inland side with little subsidence
(bottom).
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settlement occurred, and P/S-wave logging, RI density
logging, Standard Penetration Test and soil sampling
were carried out there (Sakai et al., 2009).

The grain size curves obtained are illustrated in
Fig. 29, indicating that the backfill soil was quite uni-
form in its particle gradation. It is essentially uniform
sandy soil consisting of 60—80% sand, 5-15% fines
and 0-20 fine gravels. The dry density is 1.5-1.7 t/m3
and the wet density is 1.75-1.9 t/m® on average and
no clear increasing trend is observed with depth. The
saturation ratio is 40—70% in the unsaturated fill.

Figs. 31(a) and 31(b) shows the variation of SPT
N-value (not modified by overburden stress) along
the depth measured at Unit 1 and Unit 4 at 3 dif-
ferent distances (2, 11.5, 22.5 m for Unit 1, and
1.6, 6.7, and 24.2 m for Unit 4) from the buildings.
The N-values are 5-15 for the depth shallower than
15 m and show gradual increase with depth, which are
almost the same trends for all the distances. However,
the absolute N-values are obviously smaller in the
immediate vicinity of the building than the distant
points.
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Figure 30. Grain size curves of backfill soils (Sakai et al.,
2009).
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depth measured at 3 distances from RB wall for Unit 1 (a)
and Unit 4 (Sakai et al., 2009).
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Figure 32. Variations of S-wave velocity in backfill soil
along depth measured at 3 distances from RB wall for Unit 1
(a) and Unit 4 (Sakai et al.,).

Figs. 32(a) and 32(b) shows the variation of S-wave
velocity along the depth measured at Unit 1 and Unit
4 at 3 different distances (2, 11.5, 22.5 m for Unit
1 and 1.6, 6.7, and 24.2 m for Unit 4) from the build-
ings. It is distinctly smaller than that in the natural
soil ground of the vertical array shown in Fig. & The
Vs-value is about 100 m/s near the surface and clearly
increases with depth, the trend of which is almost
the same for all the distances. However, the absolute
Vs-values are again smaller in the immediate vicinity
of the building than the distant locations. These trends
may reflect that the soil had been less compacted near
the buildings than at distant locations due to difficulty
in carrying out heavy compaction near the building
wall during the construction (Sakai et al., 2009).

Although the soil was essentially unsaturated near
the buildings, liquefaction tests (undrained cyclic tri-
axial tests) were also conducted for saturated backfill
soils of dry density 1.6 t/m® (relative density 85%).
The stress ratio under the effective confining stress
98 kPa was R; = 0.26 for 5% double amplitude strain
for 20 cycles of loading (Sakai et al., 2009).

6 DAMAGE CAUSED BY SUBSUDENCE
OF BACKFILL SOILS AND PERFORMANCE
CRITERIA

6.1 Damage due to subsidence

As mentioned previously, the RB/TB foundations had
been directly based on the Neogene mudstone and
suffered literally no settlement. In contrast, some of
non-crucial structures had been constructed on pile
foundations or shallow foundations in the backfill
soil. The considerable soil subsidence in the back-
fill described previously did nothing wrong to the
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important buildings but resulted in uneven settlement
in structures supported by shallow foundations and
buried pipes near the buildings.

A typical failure of this kind occurred adjacent to
the Unit 3 turbine building, where a power connec-
tion bus supported by direct shallow foundation on the
backfill subsided by 20 to 25 cm as shown in Fig. 33.
The bus had connected a house transformer supported
by piles driven in the backfill down to the base rock and
the turbine building directly on the rock, both of which
did not experience measurable settlement. The settle-
ment of the bus support caused a breakage of a jointand
consequent oil leak from the transformer, eventually
leading to fire as explained in detail in Fig. 32.

Another failure case is shown in Fig. 34, in which
considerable ground settlement occurred around an oil
tank of Unit 1. The tank, classified as a critical struc-
ture for nuclear safety, was supported by the base rock,
and did not settle, the backfill soil adjacent to the tank
subsided considerably so that a large gap was gen-
erated around the tank foundation. This might have
caused deformations of a concrete duct with oil pipes
inside connecting the tank and the RB building if the
duct were not properly supported.

A typical damage to pipes occurred to fire
protection pipe lines buried directly in backfill soil
around the buildings. Subsidence of the backfill soil
relative to the buildings caused rupture of threaded
and coupling joints near the building wall where the
deformation exceeded their rapture limit as shown in
Fig. 35.

6.2 Consideration on performance criteria

Thus, the soil subsidence in the backfill area and asso-
ciated structural failures gave various impacts in con-
sidering the performance of the nuclear power plant
during the severe earthquake, though the critical per-
formance concerning the nuclear safety was secured.
Hence, some considerations may be made with respect
to the design criteria of the backfilling from the view-
point of the performance based design.

First, the design earthquake load for non-nuclear
non-critical structures (named Class C in NPS Regula-
tory Guide) was regulated to use a seismic coefficient
of the same standard as normal industrial facilities
and engineers followed that regulation. Unfortunately,
the actual earthquake far exceeded even the sever-
est design earthquake to be incorporated for critical
nuclear structures (named S2), that almost nobody had
dreamed of. This resulted in the considerable soil sub-
sidence in backfill areas. So, the problem here is what
kind of performance criteria for backfill should be con-
sidered for future earthquakes attacking nuclear power
plants.

Provided that all important buildings or facili-
ties associated with nuclear-safety (named Class As,
A and B) are strictly regulated to rest directly on
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Transformer supported by pile foundation driven in the backfill down to the base rock and the turbine building

based on the rock. The settlement of the bus support caused a breakage of a joint and an oil leak from the transformer and

resulted in a fire (Sakai et al., 2009).

Figure 34. Ground settlement occurred around an oil tank
of Unit 1(Sakai et al., 2009).

seismically stable stratum such as cemented rock, and
that the subsidence of the backfill soil has little to do
with the stability of the important facilities, the perfor-
mance criteria to be considered here for the backfill
is not directly related to nuclear-safety. However, the
backfill of NP facilities may have a big difference
from that of other industrial facilities, simply because
the definitions on serviceability, reparability and so
forth may be quite different. The case of the KK-NPS
clearly indicated that.

In any country in the world, nuclear power plants
are considered quite special to general public and our
society in the context of nuclear safety. Once it suffers
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Figure 35. Damage to buried pipes occurred to fire protec-
tion pipe lines buried in backfill soil around the buildings
(Sakai et al., 2009).

carthquake damage, no matter whether the damage is
significant or not, it takes really long time to make
clear that the safety is again secured. In the perfor-
mance criteria of the backfilling, this very special
condition of NPS should be considered and associated
performance criteria should be introduced by taking
account the probability of even the severest seismic
load to be used in seismic design of nuclear power
plants.

7 CONCLUSIONS

The ground motions obtained at KK-NPS during the
Chuetsu-Oki earthquake and some analyses based on
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them yielded the following major findings;

1. Main shock motions measured in the vertical array
at the top of the sand dune indicates deamplification
in acceleration and amplification in velocity with
decreasing depth. Back-calculation of the motions
indicates that remarkable nonlinearity in properties
took place in soil layers whereas the effect remained
marginal in the underlying base rock.

2. Peak periods of the acceleration spectra are unex-
pectedly long indicating a great involvement of
long period motions with the peak period of
3 seconds in the velocity response spectrum, which
seems responsible for the large subsidence of back-
fill soils in the NPS by introducing large cyclic
shear stress or strain into deeper soils.

3. The incident wave energies evaluated at almost the
same elevation as the RB foundations amounts to
be 434 kJ/m?. The energy spectrum proposed and
evaluated here indicates that a major portion (73%)
of the incident wave energy was in the frequency
range lower than 1.0 Hz, indicating the major
energy involved in long period motions gave great
impact on soil ground and backfill.

4. The incident wave energy at the level of RB foun-
dations was larger than that of the 2004 Chuetsu
earthquake of the same magnitude and also almost
equivalent to that of the 1995 Kobe earthquake of
the larger magnitude.

5. Displacements calculated from the motions on the
RB foundation resting on the bedrock and neigh-
boring soil surface indicate that horizontal ground
displacement occurred westward (seaward) relative
to the foundation, which may have contributed to
considerable settlement of the backfill soils around
important buildings particularly large at the seaside
compared to the inland side. This gives us a lesson
on how backfill soil behaves in a near source region
during destructive earthquakes.

6. In the performance criteria of the backfilling,
although it is not critical to nuclear safety, spe-
cial conditions of NPS should be considered, and
associated performance criteria in serviceability,
reparability, etc. should be introduced by taking
account even the severest seismic load to be used
for nuclear power plants.
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Seismic performance based-design of large earth and tailing dams

R. Verdugo
University of Chile, Chile

ABSTRACT: The actual capability of predicting the seismic performance of earth structures is limited and it
is important to recognize that the real application of PBSD in professional practice is still years away. However,
it is important to admit that PBSD is attractive and efforts have to be done to make it closer to practitioners. In
the seismic design of tailings dams there are two main factors that control the liquefaction resistance of tailings
sands: density and fines content. Accordingly, test results showing the effect of these two factors are presented.
In the case of large earth dams, the use of coarse materials is common because of their good mechanical behavior.
However, the evaluation of their properties is difficult due to the lack of equipment to test large particles. An
alternative procedure to evaluate mechanical properties of coarse soils is presented. Additionally, the long term
deformations of three large dams are analyzed and an empirical expression to estimate these deformations is

proposed.

1 PERFORMANCE BASED SEISMIC DESIGN

In a broad sense performance-based seismic design
(PBSD) can be understood as a design criteria which
goal is the achievement of specified performance tar-
gets when the structure is subjected to a defined seis-
mic hazard. The specified performance target could
be a level of displacements, level of stresses, maxi-
mum acceleration, mobilized strength, or a limit state,
among others. In this respect, the limit state design can
be seen as a particular case of the PBSD, where the per-
formance target is the accomplishment of a resisting
force.

The PBSD is being strongly promoted by structural
engineers, probably encouraged by the heavy financial
losses resulting after recent earthquakes. This comes
from the fact that the main investments in building
construction are the non-structural components and
contents (Astrella & Whittaker, 2004). For example,
in the case of office buildings, hotels and hospital
structures, the investment in structural framing is only
around 18, 13 and 8%, respectively; of the total cost
(Miranda & Taghavi, 2003). This clearly indicates that
the fundamental objective of building code provisions
to guaranty structure integrity, in terms of no collapse
against strong ground motion, is definitely insufficient
to be considered a successful seismic behavior to the
society. Accordingly, efforts are now being conducted
to reduce the financial losses associated with the
non-structural components and contents throughout a
design that considers specific performance structural
targets, such as maximum displacements, maximum
accelerations, or inter-story drift, especially in those
parts where the main investments are located. In
this scenario, it seems naturally that building owners
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and insurers, among others, should be involved in
making informed decisions regarding the expected
performance of the structures.

It is important to recognize that the formal use
of performance-based design is definitely less wide-
spread in geotechnical engineering than in structural
engineering. Nevertheless, since the 60s the earth-
quake geotechnical community is applying methods
of analysis for predicting permanent displacements
in earth structures, which is basically a performance
criterion as opposed to the classical concept of limit
equilibrium (Newmark, 1965; Seed 1966, Makdisi &
Seed, 1977). In addition, the design of foundations
placed on granular soils is normally controlled by set-
tlements rather than bearing capacity, which is also
a performance criterion. In this sense, although it is
not formally stated, the performance-based design is
reasonably familiar for geotechnical engineers.

Since the middle 90s, geotechnical engineers from
different countries have been promoting the devel-
opment and application of PBSD, following to some
extend the tendency that is observed in structure seis-
mic design. Although some efforts have been oriented
to standardize and improve the use of PBSD, as it
is now conceived, it is flawed in crucial elements.
Our present capability of predicting the mechanical
seismic performance of earth structures inherently
involves an important level of uncertainty. Starting
with the prediction of the seismic event, continuing
with the ability of ground characterization (such as
geometry, heterogeneities, properties) and ending up
with the real skills to model the dynamic soil response
when it goes well beyond the linear behavior. Con-
sidering these fundamental uncertainties, it is com-
monly suggested that PBSD should be conducted on a



probabilistic basis, indicating the probability of
exceeding a certain desired performance and the con-
fidence of this probability. Unfortunately, the prob-
abilistic approach is not accessible for most of
practitioners and it does not really improve the final
outcome which is the performance prediction.

Likely the most important issues behind the PBSD
are the following:

— The intention of involving stakeholders (owners,
insurers and regulators) in the decisions concern-
ing the choose of target performances for a earth
structure during and after seismic events, sharing
in this way the decision-making process.

— The premise that seismic performance levels can
be predicted analytically, so the cost associated
with each level of performance can be rationally
evaluated.

In spite of the benefit of involving stakeholders in
the decision-making process of choosing a specific set
of performance targets, it is important to be aware of
the potential problems and consequences associated
with this idea. To combine appropriately both, com-
plex technical solutions and investment decision based
on risk analysis, is also risky. This necessarily intro-
duces another source of uncertainty which could be
even more important that the technical uncertainties.
This statement is written just when the financial crisis
is striking the whole world, and it is strongly influenced
by this fact.

On the other hand, the actual capability of pre-
dicting the seismic response of earth structures is a
more fundamental issue. From a scientific point of
view, there is a reasonable knowledge of soil and rock
mechanical behavior that has been incorporated into
numerical models that are basically able to repro-
duce a variety of laboratory test results. However, in
engineering practice, the real situation is less promis-
ing, especially when the earth structures have singular
geometries that need, for example, three dimensional
analysis, or when several different geotechnical mate-
rials are involved, being necessary a deep geotechnical
characterization of each one.

In the case of dam engineering, additionally, practi-
tioners have to face the geotechnical characterization
of rockfill materials constituted by large size particles.
Normally there is a lack of available testing appara-
tuses for these coarse materials, therefore geotechnical
properties have to be estimated to properly desing a
earth dam of this type.

In addition, there are several factors that are well
recognized that affect the stress-strain relationship, but
they are not included in the current models used in
practice. Among these factors, it is possible to indicate
that the most relevant are the following:

— Stress rotations that take place during seismic
loading.

©2009 Taylor & Francis Group, London, UK

— Variation of the intermediate principal stress, o,.
— Seismic pore water pressure generation.

— Redistribution of pore water pressure.

— Densification due to particle rearrangement.

In this context, the actual capability of predicting
the seismic performance is quite limited. Conse-
quently, it is important to recognize that the real
application of the PBSD in professional practice is
years away, but it is also important to admit that this
design criterion is attractive and more efforts have to
be done in order to improve it.

In this paper key geotechnical properties of copper
tailings materials are presented, which are necessary
to consider if performance based seismic design is
carried out in tailings dam projects.

For the case of earth dams constructed with coarse
materials, a test procedure using parallel grain size
curves is proposed to estimate the mechanical prop-
erties of the coarse fills. Additionally, the variation
of the deformation modulus with time obtained from
the analysis of measured settlements of three Chilean
dams is presented. For the application of the perfor-
mance based seismic design of earth dams with coarse
fills these results are considered relevant.

2 TAILINGS DEPOSITS

2.1 General framework

The waste products resulting from mining operations
are called tailings. Typically in copper, gold and zinc
mines, the extracted ore is crushed to the size of fine
sand to clay from where the minerals are recovered.
In the case of copper mines it is important to mention
that, as an order of magnitude, around one percent in
weight corresponds to the valuable minerals that are
retrieved from the milled ore. Therefore, the mining
operations have to manage large quantities of tailings
which are around 99 times the weight of the copper,
gold or zinc production. In addition, it is necessary to
mention that due to the mining processes associated to
the removal of the minerals, the resulting tailings are
fully saturated.

In countries with a substantial mining industry,
such as Australia, Canada, Chile, Chine, Peru, Poland,
South Africa, and USA, among others, the design and
construction of enormous tailing disposals is a crucial
necessity that has been continuously imposing new
geotechnical challenges. The mining industry gener-
ates everyday millions of cubic meters of waste that
has to be disposed safely and inexpensively. In Chile,
for instance, there are in operation tailings dams with
a height of 150 meters and reservoirs with more than
one thousand million tones of slimes, and there are
projects under construction that will end up with tail-
ings dams of 220 meter in high (Valenzuela et al.,
1995). This trend indicates that conventional tailings



dams with large dimensions in terms of height and
extension are accepted solutions for disposing mining
waste products, and the assessment of their mechani-
cal stability is one of the main concerns. Additionally,
in all those regions with a high seismic activity, the sta-
bility and liquefaction resistance requirements are the
main issues to be analyzed and satisfied. Furthermore,
because all tailings disposals will exist well after the
mining operation is ended, the seismic stability has to
be ensured for a large period of time after closure of
the mine.

In spite of these requirements, there are several case
histories associated to the total failure of tailings dams
due to the occurrence of liquefaction. In general, satu-
rated deposits of loose cohesionless soils have shown
to be susceptible to liquefaction during the occurrence
of earthquakes. This phenomenon has been observed
in tailing dams, hydraulic fills, as well as in natu-
ral slopes of sandy soils. It is important to bear in
mind that a failure of a tailings dam has catastrophic
results from economical and environmental points of
view, and also can be associated with human casual-
ties. Consequently, a failure has to be avoided by all
means, but at the same time it is necessary to keep in
mind that over design it is just a waste of resources.

For an appropriate design of conventional tailings
dams that ensures stability at a minimum cost of con-
struction, operation and abandon, the conditions of
the storage site as geomorphology, geology and seis-
mic activity of the area have to be considered. On the
other hand, the geotechnical properties of the involved
tailings play a predominant role in the selection of the
most convenient design. In this paper the liquefaction
strength of tailings materials is discussed at the light
of new experimental data considering a wide range of
fines content and densities.

2.2 Tailings disposals

Depending on how the tailings are processed, trans-
ported, discharged and stored, the resulting tailings
disposals can be divided in two different systems:
thickened tailings (or paste) disposals and conven-
tional tailings dams. There are also others procedures,
for example, filtered tailings, but they are less used
due to their high cost.

In the case of thickened tailings disposal system,
the main goal is to create a self-supporting tailings
mass, so confining dikes can be eliminated or at least
minimised. To accomplish this, the water content
of the initial tailings slurry is reduced as much as
possible prior to discharge by mean of high-density
thickeners, resulting in a tailings deposit of a gently-
sloping conical shape, with typical angles between
2 to 6 percent. The concept of thickened tailings was
introduced by Robinsky in the late 60’s and actually
used since the beginning of the 90’s (Robinsky 2000;
Salvas et al., 1989).
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The conventional as well as the thickened tailings
disposal systems have to be designed and analysed in
order to guarantee the appropriate level of stability.
However, the pass experience has shown that con-
ventional tailings disposals are susceptible to undergo
seismic failure due to the occurrence of liquefaction.
In the case of the thickened tailings disposals there
is no sufficient information about their actual seismic
behaviour due to its recent widespread application and
the lack of important earthquakes in any of the existing
thickened tailings facilities. Nevertheless, the follow-
ing three factors can be used to argue that this type
of disposal is intrinsically more stable against seis-
mic disturbances than the conventional one. First, an
increment in the density of the deposited tailings at
the surface tends to occur due to its natural desicca-
tion and the associated shrinkage of the tailings mass.
Second, a quite limited saturated zone can be devel-
oped at the bottom of the disposed tailings and third,
the driving shear stresses are low due to the reduced
slopes reached by the surface of the disposal. In spite
of this reasoning, there is no much information about
the static and cyclic strength of thickened tailings and
in this context new experimental evidence is presented
below.

The oldest procedure for tailings disposal corre-
sponds to the conventional tailings dams with the
formation of a basin through the construction of a con-
fining perimeter with one or several dams according to
the topography of the site. The dikes or dams are usu-
ally made with the sand fraction of the tailings because,
in general, it is the solution that provides the lowest
cost. The sandy tailings are obtained by cycloning the
natural tailings, resulting a material that classifies as
sandy soil with fines contents usually in the range of
10 to 30%. The saturated finer tailings (slimes) are
discharged and stored into the basin that is the dis-
posal site. According to the construction procedure,
it is possible to identify three different structures of
tailings dams, so-called, upstream, downstream and
center-line method of construction, which are sketched
in Fig. 1.

It can be observed that the upstream method of
construction requires the minimum volume of coarse
tailings for dikes construction, but the geotechnical
properties of the slimes are involved in the over-
all stability of the dikes. On the other hand, the
dams constructed following the downstream method

=

=

Figure 1. a) Upstream, b) downstream and c) center-line
methods of construction.




produce dikes with the largest need of coarse tailings,
but at the same time there are no fines tailings involved
in the mechanical resistance of the resulting dam
body. As can be expected, the tailings dams con-
structed with the upstream procedure have shown to
be more vulnerable against both static and seismic
failures, while the downstream dams have presented
the safer behaviour. The tailings dams constructed by
the center-line method have exhibited an intermedi-
ate behaviour in terms of stability. Consequently, in
seismic regions the upstream dams, although attractive
from an economical point of view, are avoided in favor
of the downstream and center-line tailings dams. The
seismic stability of these dams is basically controlled
by the liquefaction resistance of the sandy tailings that
constitute the dikes, which is mainly governed by the
fines content and density of these sandy tailings.

Some singularities that make the conventional tail-
ings dams different from others soil structures are the
following:

— Tailings dams do not retain water, instead they
contain saturated slimes, so from stability consid-
erations, the most permeable the dam the better.
Therefore, to ensure the drainage through and
below the tailings dam body, it is common to build
a drainage system at the bottom of the basin, in
the natural ground, that passes through the base of
the tailings dam. This drainage decreases the water
level in the dam to a quite low position, what it is an
important factor to reduce the zone with a potential
occurrence of liquefaction.

— From economical considerations, only low efforts
in compaction are accepted and therefore, the tail-
ings dams tend to be in a loose to medium state of
density.

— The period of construction of the embankments
follows the mining operation, so the period of con-
struction can be quite large, being possible to re
adjust the original design.

— Tailings dams remain as a soil structure well after
the mining operation is ended, which imply that
stability must be ensured well beyond the period of
the mining activity, to the so-called abandon period
of the tailings dam.

These singularities have to be considered in the
tailings dam design. For example, since the sand frac-
tion of the tailings are placed with a high amount
of water, a significant segregation takes place and
a notable stratification is created, which has to be
considered when the geotechnical properties are eval-
uated. However, in new projects, no information asso-
ciated with the actual resulting fabric in the field is
available and therefore, only reasonable estimations
of properties can be done. This situation is overcame
from the fact that the construction of tailings dams
takes time according to the mine operation, which
allows to carry out site investigations and laboratory
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tests to evaluate material properties and optimize the
design under the light of actual data.

2.3 Seismic failures of conventional tailings dams

The engineering practice have registered catastrophic
failures of tailings dams triggered by the dynamic
forces of earthquakes, causing severe losses to the
private property, important destruction of agricultural
lands and in many cases loss of human lives. Most of
the seismic failures of tailings dams are attributed to
increase in pore water pressure and to the occurrence
of liquefaction (Dobry et al., 1967; Ishihara 1984;
Finn, 1980; Finn 1996). In Fig. 2 is shown one of the
oldest flow failure that has been reported in a tailings
dam that took place at El Teniente copper mine in
Chile, following the earthquake of October 1, 1928
(Agtiero, 1929). The Barahona dam of 65 m in high
collapsed 3 minutes after the main shock, releasing
4 millions tons of material that flowed along the valley,
killing 54 persons. The cross section of the remaining
tailings after the failure is sketched in Fig. 2, where
the existence of several almost horizontal terraces are
observed. This configuration is attributed to the low
post liquefaction strength developed by weak layers of
the typical strongly horizontal stratified structure of
the tailings disposed in the basin.

Later on, during the earthquake of March 28, 1965,
El Cobre tailings dam located in Chile failed catas-
trophically and more than 2 millions tons of material
flowed around 12 km in a few seconds, killing more
than 200 people and destroying El Cobre town. At the
time of the failure, the dam was about 33 m high and it
had a downstream slope as steep as 35° to 40°, respect
to the horizontal (Dobry et al., 1967). A cross section
of'the tailings dam before and after the failure is shown
in Fig. 2, where it is possible to observe the final pro-
file of the tailings consisting also of several terraces
with 1° slope towards the valley (Dobry et al., 1967).

Another well documented seismic failure of a tail-
ings dam took place after the earthquake of January 14,
1978, at the dikes No. 1 and 2 of Mochikoshi gold mine
in Japan. The dike No. 1 collapsed around 10 seconds
after the main shock, releasing 60 thousands cubic
meters of slimes. The dike No. 2 failed 24 hours after
the main earthquake, at the time when there was not
any ground shaking and a total volume of 3 thousand

2440

427

(meters)

Figure2. Failure of Barahona tailings dam, (Agiiero, 1929).
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Figure 3.
1967).

Failure of El Cobre tailings dam, (Dobry el al.,

cubic meters of material flowed into the valley to a
distance of about 240 m. The cross sections of these
two dikes showing the situation before and after the
failure are presented in Fig. 4 (Ishihara 1984).

Site investigation indicated that the remaining tail-
ings in the pond adopted an average slope of 8° towards
the valley. Part of the failure can be appreciated in
Fig. 5.

Furthermore, during the Chilean earthquake of
March 3, 1985, with a Magnitude 7.8, two tailings
dams failed by liquefaction. Cerro Negro dam of 30 m
in height failed and about 130 thousand tons of tail-
ing material flowed into the valley for a distance of
about 8 Km, (Castro et al., 1989). Due to this earth-
quake another failure occurred in Veta de Agua No. 1
dam, which at the time of the shaking had a maximum
height of 15 m. According to a witness, the failure took
place in the central part of the dam few seconds after
the shaking had finished. The fines tailings stored in
the pond moved along the El Sauce creek for about
5 km (Castro et al., 1989).

These failures, added to many others seismic fail-
ures that have occurred around the world, emphasise
the importance of carrying out studies concerning the
seismic response of tailings dams, with special focus
on the liquefaction phenomena. However, it is also
important to understand that these catastrophic failures
have brought in many countries an over reaction from
the community that has resulted in strong and rigid
legal regulations, unnecessarily increasing the costs
of tailings disposal. This situation may become more
and more complicated as the tailings dams need to be
larger and the construction costs grow exponentially.
Therefore, studies supporting the actual liquefaction
strength of tailings materials are of a paramount impor-
tance for the rational design of tailings disposals.

2.4 Cyclic mobility and flow failure

The term liquefaction was coined by Hazen (1920)
to describe the failure of the hydraulic fill sand of
Calaveras Dam on March 24th, 1918. In this failure,
the up-stream toe of the under construction Calaveras
dam, located near San Francisco in California, sud-
denly flowed moving approximately 700,000 m> of
material for around 90 m. Apparently at the time of
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Figure 4.  Failure of Mochikoshi tailings dams. (a) Dike N°
1 and (b) Dike N? 2, (Ishihara, 1984).

Figure 5. View of part of the Mochikoshi tailings dam
failure (courtesy of Prof. K. Ishihara).

the failure none special disturbance was noticed, indi-
cating that this phenomenon can occur in the absence
of earthquakes.

Since that failure, the term liquefaction has been
used in a broad sense for describing two different phe-
nomena that may occur in saturated cohesionless soils,
which have in common a significant pore pressure
build-up and large deformations of the ground. Never-
theless, to understand the actual soil behaviouritis ofa
great importance to distinguish between the so-called
flow failure, where a sudden lost of strength takes
place, and the term cyclic mobility that is essentially
associated to a progressive strain softening without any
lost of strength.

The term cyclic mobility was proposed by
Casagrande (1975) to conceptualise the continuous
development of strains that is observed during undrai-
ned cyclic loading, when the occurrence of a signif-
icant pore water pressure has been reached. Typical
experimental results on loose and dense sands show-
ing this phenomenon are presented in Fig. ¢, where
it is important to observe that the soil mass does not
undergo any loss in strength, but important deforma-
tions are progressively developed indicating a clear
degradation of stiffness.

The rate of this degradation increases after each
cycle when the material is loose and it decreases when
the material is dense (Ishihara 1985).
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Figure 6. Typical experimental results for sands under
a cyclic loading condition, (a) dense and (b) loose sand
(Ishihara, 1985).

On the other hand, Casagrande (1975) proposed
the term true liquefaction or flow failure for the phe-
nomenon where a sudden loss in strength to a residual
value takes place in a loose cohesionless soil (Castro,
1969). When the existing driving forces, or permanent
forces, are larger than the mobilised residual strength,
the failure is triggered and the soil mass deforms
and flows resembling a viscous fluid. After failure has
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occurred, the soil mass involved in the collapse tends
to reach very gentle slopes. Typically, flat angles of
1° to 8° have been observed. This failure can be trig-
gered not only by earthquakes, but also by disturbances
that are fast enough to induce an undrained response
of the initially loose soil mass.

True liquefaction or flow failure is the phenomenon
that has been observed in the catastrophic failures of
tailings dams, causing adverse scenarios with a signif-
icant amount of soil mass flowing hundred of meters in
a few minutes. Consequently, seismic analysis of tail-
ing dams must include the evaluation of the eventual
occurrence of flow failure. The condition of flow fail-
ure generates a large level of deformation where the
steady state or ultimate state of the soil is reached, so
the use of this concept in the evaluation of a potential
flow failure is suitable.

The ultimate response of the specimen has been
referred to as the steady state of deformation (Poulos,
1981). Experimental results of undrained triaxial tests
performed on samples at different effective confining
pressure and at the same void ratio after consolidation
are shown in Fig. 7 (Verdugo, 1992; Ishihara, 1993;
Verdugo et al., 1996). It can be seen that regardless the
initial level of confining pressures, the same ultimate
state or steady state strength is achieved.

Additionally, the effect of the stress history is
shown in Fig. 8 in terms of stress strain curves on
loose and dense specimens loaded monotonically and
cyclically.
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1992).

Effect of stress history on loose sand (Verdugo,

As it is observed, the ultimate condition or steady
state strength achieved at large deformations is inde-
pendent of the previous cyclic loading indicating that
the stress history does not affect the strength developed
at large deformation (Verdugo, 1992). These experi-
mental results suggest that the steady state strength is
mainly a function of the void ratio. Therefore, the anal-
ysis of a flow failure basically needs to establish the
level of static shear stresses and the undrained strength,
which would be only dependent on the void ratio of the
soil mass. The seismic action has to be seen as a trigger
of the undrained strength.

To guaranty the stability of a tailing dam, the analy-
sis of liquefaction has to be done in terms of both cyclic
mobility and flow failure, and therefore an experimen-
tal program of tests covering these two phenomena has
been performed. During the operation of a conven-
tional tailing disposal there are mainly two parameters
that can be modified (intentionally or incidentally),
and which are directly associated with the static as
well seismic strength of the dikes; density and fines
content. Accordingly, the effect of these parameters in
the tailings strength has been investigated.

2.5 Maximum and minimum void ratios

In the evaluation of the degree of compaction, or den-
sification, of tailing sands it is important to take into
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Figure 8b.  Effect of stress history on dense sand (Verdugo,
1992).

account the fines content, because the maximum and
minimum densities are influenced by the fine particles.
Besides, the procedure to determine the maximum
density is also dependent on the fines content of the
sand, being recommended the use of vibration when
the fines content is less than 12 to 15%, whereas for
higher fines contents the use of Proctor compaction
test is used. To investigate the effect of fines on the
maximum and minimum densities a comprehensive
series of tests was carried out by Verdugo & Viertel
(2004) on copper tailings sands retrieved from the
main dike of a Chilean tailings dam. The original
sample was separated in two batches: clean sand free
of fines and tailings with 100% of particles passing
mesh # 200 (0.074 mm). The grain size curves are
shown in Fig. 9 and the particle shapes can be appre-
ciated in the photos presented in Fig. 1C.

The angularity in all the particles is readily appar-
ent, especially in the case the finer particles. The
fine-grained tailings are from the dike and they classify
as non-plastic soil.

Using these two batches of tailings homogeneous
mixtures of tailings with 2, 5, 10, 28, 40, 50, 60 and
100% of fines contents were prepared. The original
tailings sand existing in the embankment with 18% of
fines was also included as another homogeneous mix-
ture. In all these mixtures the maximum and minimum
densities were evaluated and in some of them Modi-
fied Proctor tests were also carried out. Placing the soil
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Figure 10. Particle shape of sand fraction and fines from
the dike.

in a container using a paper funnel of conical shape the
minimum densities were determined (Verdugo et al.
1996). The results of these tests are shown in Fig. 11
and summarized in Table No. .

It is interesting to observe that up to fines contents
in the range of 60 to 70%, the maximum dry densities
obtained by vibration are slightly higher than the val-
ues obtained by the Modified Proctor. Therefore, in the
case of non-plastic fines the concept of relative density
holds valid well above 15% of fines content, confirm-
ing previous results reported by Verdugo (1997).

A study related to the characteristics of maximum
and minimum void ratios of natural sands reported
by Cubrinovski et al. (2002) indicates the existence
of a good correlation between these two indices.
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The maximum and minimum void ratios obtained in
the present investigation are plotted in Fig. 12 together
with the proposed correlations established by Cubri-
novski et al., (2002). It can be seen that tailings sandy
soils develop lower minimum void ratios or higher
maximum void ratio than natural sands. According
to the presented data, it is possible to point out that,
tailings sands containing non-plastic fines achieve par-
ticular values of maximum and minimum void ratios
that differ from the values reported by natural sandy
soils. It is important to remark that these non-plastic
fines are constituted mainly by particles with sizes in
the range associated with silty soils. However, they
have been created artificially by crushing fresh rocks,
and therefore, in terms of behaviour they are closer to
a fine sand than to a silty soil.

2.6 Cyclic resistance ratio

The experimental evidence indicates that mechanical
properties of silty sands are largely controlled by the
amount of fines and by the plasticity of these fines
(Verdugo & Viertel 2004; Polito & Martin, 2001; Ni
etal., 2004). For cooper tailings, Troncoso & Verdugo
(1985) studied the effect of fines content on the cyclic
strength of tailings sands testing reconstituted sam-
ples compacted at the same initial void ratio. Test
results associated with the number of cycles required
to 100% of pore water pressure build-up are shown
in Fig 13, evidencing the degradation of cyclic resis-
tance exhibited by the tailing sands with the presence
of low plastic tailing fines. It is important to mention
that these results have been obtained for samples com-
pacted at the same initial void ratio, which means that
each series of soil batch has different relative density,
or degree of compaction.

Ishihara et al. (1980) reported the results of a series
of cyclic triaxial tests conducted on different tailings
sands at different void ratios. The test results are sum-
marized in Fig. 14, where it is possible to observe that



Table 1.

Maximum and minimum dry densities.

Fines Ymin (t/m3) Ymax (t/ms) Vmax (t/ms) Wopt (%)
Content (%) (Cone paper) (vibration) (M. Proctor) (M. Proctor)
2 1.298 1.659
5 1.284 1.689
10 1.283 1.744
18 1.216 1.773 1.767 14.0
28 1.203 1.839
40 1.191 1.882
50 1.174 1.887 1.868 11.7
60 1.171 1.877
100 1.023 1.724 1.802 14.0
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Figure 13. Effect of fines on the cyclic strength

(Troncoso & Verdugo, 1985).

Figure 14. Variation of cyclic strength with void ratio
(Ishihara et al., 1980).

the cyclic strength decreases consistently with increase
in the void ratio, confirming the effect of density.
Test results obtained in “undisturbed” samples of
tailings with different particle sizes were compiled by
Garga et al., (1984). The cyclic stress ratio to cause
5% double amplitude strain in ten cycles is shown
in Fig. 15. For sand-sized materials, these data have
been normalized to 50% relative density, but for the
fine-grained materials no adjustment has been made.

©2009 Taylor & Francis Group, London, UK

0 I MEDIUW | FINE I SILT AND CLAY SIZES
Tl e=5%DA :
10 CYCLES "
Ke=10
~ 03
_8 e
-]
2 bl . i
£} 0.2 : 5 -
© - e | %
: ]
5 01
1]
3 10 o1 0.0 0.003
MEAN GRAIN SIZE, Dsg In mm
Figure 15. Variation of cyclic stress ratio with grain size in

Tailings (Garga, 1984).

According to these data, the normalized cyclic strength
of the sand-sized materials falls within a relatively
narrow range, and it increases for the clayey tailings.

Using the same tailings described in section 2.5,
a comprehensive series of cyclic triaxial tests on com-
pacted samples was carried out by Verdugo & Viertel
(2004), some which results are presented in Figs. 16,
in terms of cyclic stress ratio and number of cycles
associated with 100% of pore water pressure build-up
for the tailings mixture of 18% fines content.
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The general trend observed in each of these curves
follows what has been reported in the literature for
other sandy soils. For practical purposes, the cyclic
strength associated with 20 cycles of loading, Ry, can
be considered an appropriate value for representing
the cyclic strength of each curve. Accordingly, Ry is
plotted in Fig. 17 for each fines content and relative
density.

It is observed that in the range of fines content
that has been studied, the cyclic strength consistently
decreases as the fines content increases, independently
of the degree of densification.

Furthermore, for fines contents of 2 and 10%, the
cyclic strength as a function of relative density fol-
lows a similar trend. There is a sharp increase in the
cyclic strength from approximately a relative den-
sity of 50%. While for fines contents of 28%, the
cyclic strength increases monotonically with the rel-
ative density. On the other hand, the mixture of 18%
of fines shows an intermediate behavior with a rather
pronounced increase in strength approximately from
a relative density of 80%. The existence of a thresh-
old value of relative density above which the cyclic
strength increases drastically has been reported by
Tatsuoka et al. (1982) for Toyoura sand samples tested
on cyclic torsional simple shear tests. Considering the
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Figure 16. Cyclic strength for different relative densities.
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Figure 17. Cyclic strength as a function of relative density

for different fines content.
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cyclic strength associated with a 15% of shear strain
in double amplitude achieved in 20 cycles, Tatsuoka
et al. (1982) reported for Toyoura sand a threshold
value of relative density around 83%. This value is
quite close to the threshold relative density exhibited
by the tailing mixture of 18% of fines content. It is also
interesting to indicate that the tailings mixtures with
less fine-grained material present a cyclic strength
higher than Toyoura sand in the complete range of
relative density. These results are suggesting that cop-
per tailings materials with low amount of non-plastic
fines develop a high cyclic strength, probably associ-
ated with the considerable angularity and hardness of
the particles.

Although it has been shown that relative density
is a suitable parameter when non-plastic fines are
involved, the previous results are presented again, but
using just the sample void ratios, which is a straight-
forward representation of the effect of density on these
experimental results as shown Fig. 18.

It can be seen that similar conclusions can drawn,
confirming that in the wide range of non-plastic fines
content that has been used, the cyclic strength consis-
tently increases as the void ratio decreases, and as the
fines content increases the cyclic strength decreases.

These results suggest that the mixtures containing
non-plastic fines are always affected by the pres-
ence of these fines, regardless of how small is the
amount of fines. A possible explanation is related
to the actual location of the fines in a rather homo-
geneous mixture. It is possible to hypothesize that
part of the fines will cover the larger sand particles
and therefore, some of the contacts between sand
grains would be contaminated with fines, which would
affect to some extend the resulting overall mechan-
ical response. Obviously, a very small amount of
fines would affect only few contacts and the result-
ing effect would be small. On the other hand, when
the amount of fines is large enough, so that the
voids are completely filled with fines, the contacts
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Figure 18. Cyclic strength as a function of void ratio for
different fines contents.



between particles will take place mainly through-
out the fines matrix, and the overall behavior would
be controlled by the fine fraction. Hence, it is pos-
sible to indicate that the concept of sand skeleton
usually used to model the effect of fines is inap-
propriate because always a part of the existing fines
will contaminate some of the contacts between larger
particles, which will definitely alter the mechanical
response.

These experimental results resume the effects of
density and fines content on the cyclic strength of
tailing sands, which has a tremendous practical appli-
cation on the design and operation of a conventional
tailing dam. First, the seismic analysis permits to
establish the cyclic strength that ensure the required
stability, then using the above-presented results all
the possible combinations of fines content and rel-
ative density that satisfy the needed cyclic strength
can be obtained. Therefore, during the tailing dam
construction it is possible to have a flexible design
playing with the requested density according to the
fines content produced by the cycloning process.

2.7 Undrained steady state strength

Series of CIU triaxial tests were carried out on the
same tailings sand described above. The steady state
lines defined by these tests are shown in the e-p’
plane in Fig. 19. It can be seen that as the fines content
increases the location of the steady state lines move
down, suggesting an increase in the compressibility
of the mixture. Nevertheless, the slope of the steady
state lines is maintained unaffected by the presence of
fines in the mixtures.

On the other hand, all the data fall in a rather unique
straight line in the q-p’ plane that is associated to an
angle of internal friction of 35°, which means that the
frictional resistance of these soils is not affected by

Fines Content = 2%

Void ratio, ¢

0,6 T T T T T T T T T

0 1 2 3 4 5 6 8 9. 10
Mean stress, P = (1 + 2 63)/3, (kg/cm?)
Figure 19. Steady state lines for mixtures of different fines

content.
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the finer fraction. Therefore, it is possible to conclude
that the non-plastic fines affect the general structure
of the tailing sandy mixtures, at least, in the range of
2 to 30%, making them more contractive as the fines
content increases.

2.8 Monotonic drained strength

During monotonic drained loading conditions, the
mobilized strength of a cohesionless material can be
well characterized by the angle of internal friction.
For cohesionless copper tailings, at the same initial
value of void ratio, e = 0.90, the variation of the angle
of internal friction with fines content is presented in
Fig. 20 (Troncoso & Verdugo, 1985).

Itis interesting to notice that for the range of confin-
ing pressure used, 1 to 5 kg/cm?, the angle of internal
friction mobilized at the peak failure is rather high,
suggesting that tailing sands can develop high fric-
tional resistance due to the angularity and hardness
of the particles. Similar results have been reported by
Pettibone et al. (1971) and others researchers. Further-
more, it can be observed that keeping the same initial
void ratio, the angle of internal friction decreases as
the fines content increases, suggesting that the lower
the fines content the higher the strength.

2.9  Shear modulus and damping ratio

Provided that there is no generation of pore water pres-
sure during seismic disturbances (dense sands, non-
saturated sand), an alternative to model the seismic
response of tailings dams is using the Equivalent Lin-
ear Method. In this condition both the shear modulus
degradation curve and the variation of the damping
ratio with the level of deformations are needed.

Test results of these parameters obtained in cop-
per tailings sands using resonant column have been
reported by Rojas et al. (1985) and they are presented
in Figs. 21 and 22. It can be seen that in tailings sands
the degradation of the shear modulus with the level
of strain is less pronounced than the one reported for
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Figure 20. Angle of friction and fines content (Troncoso
etal., 1985).
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natural sandy soils and the damping ratio achieves less
values than natural sandy soils.

On the other hand, the effect of fines content on the
degradation of the shear modulus has been reported by
Troncoso & Verdugo (1985) and shown in Fig. 23. It is
noticeable that, for any level of strain, shear modulus
decreases as the fines content increases. Therefore,
higher stiffness can be expected in cycloned tailings
sands as the fines content decreases.

2.10  Effect of initial fabric

During the genesis of any soil deposit, the sedimen-
tation and placement of soil particles is affected by
the gravity force, which generates a preferential parti-
cle orientation that makes anisotropic soil structures.
Casagrande et al. (1944) named this initial anisotropy
caused by the geological process of deposition Inher-
ent Anisotropy. Depending upon the environmental
conditions existing during the sedimentation process,
the inherent anisotropy may affect significantly the
soil response. This situation is particularly impor-
tant in hydraulic fills as the case of tailing dams,
where there is not only a preferential orientation
of particles, but also a segregation that results in
a heterogeneous structure. Hence it is strongly rec-
ommended the evaluation of geotechnical properties
using samples with the actual structure generated in
the field.

Nevertheless, in saturated tailing sands, the field
operation to retrieve “undisturbed” samples for being
tested in the laboratory is complicated and expensive.
Furthermore, at the beginning of the projects, when
the tailing dams are not yet constructed, “undisturbed”
samples are not available. Consequently, the alterna-
tive of testing reconstituted specimens compacted at
the same density expected in the field it is always
attractive, but it can not be ignored that the initial fab-
ric or structure may have an important effect on the
soil parameters, and therefore efforts has to be done in
order to reproduce the expected actual soil structure.
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Figure 23. Shear modulus and fines content, (Troncoso &

Verdugo, 1985).
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Regarding the undrained steady state strength
developed at large strains, there is experimental evi-
dence showing that this parameter is independent
of the initial inherent anisotropy or initial particle
arrangements. However, it has been also shown that
the steady state strength of non-homogeneous sam-
ples is strongly dependent on the initial configuration
of particles, which suggests that even pretty large
deformations are not able to erase the initial hetero-
geneity (Verdugo, 1992; Verdugo et al., 1995). Hence,
it is proposed to divide the initial arrangement of soil
particle in two groups as indicated in Fig. 24.

Firstly, it is possible to identify those homogeneous
initial arrangements of soil particles that can be com-
pletely broken down at large deformation, and there-
fore can mobilize a unique steady state line. In the
second group are those particle configurations of het-
erogeneous distribution of grains that can not be fully
erased by large deformations, independently of how
large the strains are. Tailing sand deposits are in this
second group.

Triaxial tests data obtained from both reconstituted
and “undisturbed” samples of tailing sands have been
reported by Castro et al. (1989), and shown in Fig. 25.
It is readily apparent that there is a significant differ-
ence between the undrained strength of “undisturbed”
and reconstituted samples.

These experimental results confirm that an initial
heterogeneous structure is not erased at large defor-
mation and it develops a different undrained steady
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Figure 24. Proposed division of initial arrangement of soil
particle.
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Figure 26. Aging effect on the cyclic strength of tailing
sands (Troncoso et al., 1988).

state strength respect to the one reached by the homo-
geneous soil mass. Then, for the geotechnical charac-
terization of tailing deposits the use of “undisturbed”
samples is strongly recommended.

2.11 Liguefaction and aging

It has been generally recognized that the liquefaction
resistance (cyclic mobility) tends to increase with the
age of the deposit, what can be associated to the devel-
opment of light cementation or some welding at points
of grain contact. To study the effect of the time of depo-
sition in the cyclic strength of tailing sands, series of
cyclic triaxial tests have been performed on “undis-
turbed” samples retrieved from an old tailing dam at
different depth, which basically means different age of
the samples. In addition, tests on fresh samples recon-
stituted in the laboratory were carried out (Troncoso
etal., 1988). The test results are summarized in Fig. 26,
indicating that the cyclic stress ratio required to pro-
duce a state of softening with 5% double amplitude
strain tends to increase by a factor of 3.5, 2.4 and 2


http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch3&iName=master.img-017.jpg&w=162&h=210
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch3&iName=master.img-018.jpg&w=186&h=126
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch3&iName=master.img-019.jpg&w=186&h=134

for the samples of 30, 5 and 1 years of sustained
deposition, respectively.

Therefore, it is strongly recommended to estimate
the effect of aging for stability analysis during the
abandon period. This type of study can be done when
the tailings dam has been in operation for several
years, so it is possible to retrieve samples at different
depths, which are associated to different years of depo-
sition. Testing this batch of “undisturbed” samples,
it is possible to establish the variation of the cyclic
strength with the age of deposition, which allows an
estimation of the improvement of the cyclic resistance
with time.

3 LARGE EARTH DAMS

3.1 Rockfill and gravel-fill dams

Because of'the intrinsic exceptional geotechnical prop-
erties of coarse materials, they are normally used in
the construction of large earth dams. These materi-
als are used in Concrete Face Rockfill Dam (CFRD)
and Concrete Face Gravel-fill Dam (CFGD). These
types of dams have increased in number throughout
the world mainly because of the following two reasons:
modern CFRD is a high quality dam type from all tech-
nical standpoints and the CFRD is often the lowest-cost
dam type when the material is readily available at site
(Sherard & Cooke,1987).

However, coarse materials as rockfill, cobbles and
gravel always present difficulties in the evaluation of
their properties, commonly due to the lack of suf-
ficiently large equipment to test large size particles.
Hence in rockfill and gravel-fill dam projects, the
available information related to mechanical proper-
ties of the coarse material of the fill is quite limited.
Additionally, an important aspect to bear in mind is
associated with the post construction deformations,
which might affect the concrete face.

Therefore, evaluation of mechanical properties and
long term deformations are two important issues that
have to be faced on the design of a rockfill and gravel-
fill dams. These topics are addressed in the following
sections.

3.2 Evaluation of mechanical properties
of coarse soils

Different methods to evaluate mechanical properties
of coarse soils have been proposed, which involve
testing of “equivalent” soil samples, free of over-
sized particles. The matrix model method, the parallel
gradation method and the scalping and replacement
method are the most commonly used methods. In the
matrix model, the original coarse soil is divided in
two parts: oversized particles and matrix material.
The definition of oversize is arbitrary, and it is related
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to the maximum particle size that can be tested in the
available equipment. It is assumed in this method that
the oversized particles are in a “floating” state, mean-
ing that these particles have little or no contact between
them. The matrix material to be tested is compacted to
a density that has to be estimated, corresponding
to the actual density of the soil matrix in the field
(Siddiqietal., 1987; 1991; Fragaszy etal., 1990; 1992).
Therefore, the use if this procedure is limited by the
validity of the assumption that the oversized particles
are “floating” and the accuracy of the procedure to
estimate the actual density of the soil matrix in the
field.

In the scalping-replacement method, all those par-
ticles that are considered oversized with respect to the
available testing equipment are scalped and replaced
with an equal weight of a smaller particle range
(Donaghe & Torrey, 1979). This procedure changes
drastically the original soil gradation and, although
some experimental data have shown promising results,
there is no real evidence to support the equivalence
between the original soil and the artificially created
batch of soil scalped and replaced.

In the parallel gradation method, the oversized par-
ticles are scalped and a new batch of soil is prepared
using the original material, which has a grain size dis-
tribution curve parallel (in the common semi log scale)
to that of the original sample (Lowe, 1964; Marachi
et al., 1972; Verdugo et al., 2003; Varadajan et al.,
2003). The main advantage of this procedure is that
the soil gradation is maintained. However, depend-
ing upon the particular characteristics of each soil, the
mineralogy and hardness of grains, particle shape, and
particle roughness, may be different and function of
the particle size (Al-Hussaini, 1983; Cho et al., 2005;
Lee et al., 1967; Santamarina et al., 2003 & 2004).
In granular soils where these factors are similar for
all particle sizes, the parallel gradation method can be
seen as an attractive alternative.

Verdugo & De La Hoz (2006) reported test results
of gravelly soils using the parallel gradation method.
The grain size distribution curves and the maximum
and minimum densities of one of the material tested
are presented in Fig. 27. It is interesting to observe
that the maximum and minimum densities are rather
similar, regardless of the mean grain size, Dsg. All tests
were performed on samples compacted to an initial
relative density of 70% and in a range of confining
pressure between 20 and 600 kPa.

The stress-strain curves and the volumetric strains
of these batches are presented in Fig. 2§.

It can be observed that both peak strength and stiff-
ness are similar for the different batches.

The stress-strain curves present an initial linear
portion that can be represented by the deformation
modulus, Esq (stiffness associated with a stress level
equal to half of the peak strength), which results are
presented in Fig. 25. It is observed that the parallel



gradations are able to capture the essential mechanical
response of the soils, showing the same expression
for Esg:

Eso = 175(03)"7  (MPa) (1)

M-2 Dy
1§

=071 mm

I ’
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Figure 27. Grain size distribution curves and maximum and
minimum densities of samples M-2.
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Figure 29. Deformation Modulus, Eso for samples M-2.

3.3 Post-construction deformations

A study of the behavior of the Chilean largest earth
dams conducted for the Ministry of Public Work
permitted the analysis of the variation of the static
deformation modulus of rockfill and gravel-fill dams.
In this study, long term post-construction settlements
monitored on three Chilean earth dams were used to
estimate the time variation of the deformation mod-
ulus these coarse materials. Basic information of the
analyzed dams is indicated in Table 2.

The static dam response was modeled using a
perfect elasto-plastic stress-strain relationship, imple-

ﬁi - mented in the computer code FLAC. The evaluation
1.4 S S [@ of the deformation modulus was performed by a try
i ;/ Gy’ =300 kPa %\ and error process until the calculated and observed
£ ﬂ I dam settlements matched.
g’ /{ The main body of Cogoti dam was finished in 1938
408 and the vertical deformations have been monitored
e }[{‘ O 7 100kPa since that time. The dam was finally completed in
g T, | 1940.
g0 R T S This dam was constructed with blasted rock with-
02 %TSO o == ot out compaction. In its first 15 meters, rockfill with
oo 8 | a maximum size of 1.5 meters were just dumped in
0 2 4 6 8 10 12 14 16 18 2 the dam site by gravity. In the following raises, rock-
Axial strain., & [%] fill with a maximum size of 1.3 meters was placed
60 — by mechanical means and it was slightly compacted
/./o/'/ by the construction procedure associated to the traffic
: ‘ Gy = 50 kPa P //5/'/'“ RN S o
g =] Table 2. Monitored chilean dams.
£30 o ‘ﬁ 2= H : :
] Gy’ = 100 kPa
£20 s ﬁ/"‘ i Dam Cogoti  Conchi  Santa Juana
2, { L Completion year 1940 1975 1995
| -=-D50 = 1.85 mm Foundation type Rock  Rock Rock fluvial
00 2 o 300 D30 071 mm Dam type CFRD CFRD CFGD
|| Height (m) 827 660 1134
-1.0 Crest length (m) 160 200 390
0 2 4 6 Agxial sulld?n_e l[gﬂ)] 1416 18 20 Upstream 1.45:1  1.5:1 1.5:1
‘ Slope (H:V)
Figure 28. Stress-strain curves and volumetric strains ls)lc())vg: S(t;lei;n)l b b Lol

obtained in samples M-2.
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Figure 30. General view of Cogoti dam.

of trucks. Consequently this dam is a good example
of a coarse material dam on a very loose state of
compaction. A general view of Cogoti dam is shown
in Fig. 30.

Conchi dam, completed in 1975, was constructed
with rockfill of a maximum size of 0.65 m. Great
effort to compact the rockfill was applied. The avail-
able information indicates that the compacted fill
reached a degree of compaction associated with a rel-
ative density greater than 90%. Fig. 31 presents a
general view of Conchi dam.

Santa Juana dam, completed in 1995, was con-
structed with rockfill and gravely particles with max-
imum sizes of 1 and 0.65 m in the upstream and
downstream supporting shoulders, respectively. Com-
paction was also applied to the fill. A general view of
Santa Juana dam is shown in Fig. 32.

The settlements along the crest of Cogoti dam for
different years are shown in Fig. 32. It is interesting
to observe that the maximum settlements do not take
place at the location of the maximum height of the dam,
but they systematically occur above the point where a
change in the slope of the bedrock exists.

The maximum static vertical deformations mea-
sured at different time and for the three dams are shown
in Fig. 34. Tt can be observed, that Cogoti dam presents
the greatest settlements compared to the others two
dams. According to the study, this can be attributed to
the uncompacted fill of Cogoti dam.
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Figure 31a. General view of Conchi dam.

Figure 32. General view of Santa Juana dam.

In the numerical analysis of these settlements, an
elasto-plastic constitutive law with the Mohr-Coulomb
failure criterion was selected. This model was consid-
ered to be a reasonable approximation of the mechan-
ical behavior of these dams in view of the fact that the
analyzed dams have developed a mechanical response
that is far from failure. A constant Poisson‘s ratio equal
to 0.3 was assumed for all the cases.

The computed values of the deformation modulus at
different time after completion the dams were normal-
ized by the computed deformation modulus at 1 year
of dam completion, E;. The resulting variation of
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the normalized deformation modulus (E/E;) with the
number of years after completion is shown in Fig. 35.
These results indicated that the time effect on the static
deformation modulus can be expressed as follows:

E = E(t/t;)) "% )

Where, t represents time in years after completion and
t; is 1 year after the end of construction. This defor-
mation modulus is associated to the total accumulated
settlements. Therefore, the use of this expression is
related to the long term settlement evaluation.
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4 SUMMARY

The performance-based seismic design is strongly
encouraged by structural engineers that have observed
heavy financial losses in recent earthquakes. Struc-
tures designed according to current codes performed
well in terms of life safety, but financial losses have
been surprisingly high. This comes from the fact
that the main investments in building construction
are made in the non-structure components and con-
tents. Therefore, it is evident that the fundamental
issue of building code provisions to guaranty struc-
tures integrity, in terms of no collapse against strong
ground motion, is definitely insufficient to be con-
sidered a successful seismic behavior to the society.
In this context the performance-based seismic design
would help to reduce the financial losses associated
with the non-structure components and contents.

Formally, the use of PBSD is less common in
geotechnical engineering. However, the earthquake
geotechnical community is quite familiar in predicting
permanent displacements of earth structures, which
basically mean a criterion of performance as opposed
to the classical concept of limit equilibrium.

One important issue of PBSD is associated with the
intention of involving stakeholders (owners, insurers
and regulators) in the decisions concerning the choose
of target performances of an earth structure during and
after seismic events, sharing in this way the decision-
making process. In spite of the benefits, it is important
to take into account that the results of combining both
complex technical solutions and investment decision
are at least risky.

The second important issue of PBSD is related to
the premise that seismic performance levels can be
predicted analytically, permitting that the cost associ-
ated with each level can be rationally evaluated. From
a scientific point of view, there is a reasonable knowl-
edge of soil and rock mechanics behavior that has
been incorporated into numerical models. However, in
engineering practice the real situation is less promis-
ing, especially when three dimensional analysis is
needed. Additionally, in the case of dam engineering,
practitioners have to face the geotechnical character-
ization of rockfill materials, but, normally there is a
lack of available testing apparatuses for these coarse
soils, which means that in the design, geotechnical
properties have to be estimated.

In this context, the actual capability of predicting
the seismic performance is quite limited. Conse-
quently, it is important to recognize that the real
application of the PBSD in professional practice is
years away, but it is also important to admit that this
design criterion is attractive and efforts have to be
done in order to make it closer to practitioners.

In the PBSD of tailings dams, the liquefaction
resistance of the tailings sands play an important
role, and this resistance is affected by density and



the fines content. Therefore, theses effects have to be
understood. On the hand, the PBSD of concrete face
rockfill dams needs the mechanical properties of
the coarse fill used in these dams. However, suf-
ficiently large machines to test these materials are
not usually available, so alternative procedures to
obtain the required properties are needed. As can be
expected, material properties are an important issue in
the application of the PBSD and their evaluation and
understanding is strongly needed.

In the design of tailings dams there are two impor-
tant issues that control the liquefaction strength of
the tailings; density and fines contents. Accordingly,
results of a comprehensive study carried out on differ-
ent mixtures of sand and fines compacted at different
densities have been presented.

The maximum density obtained by the Modified
Proctor test is only slightly lower than the maximum
density achieved by vibration, even for a 50% of fines.
Hence, it is possible to indicate that the concept of
relative density holds valid for this tailings sand even
with 50% fines or more.

The experimental results show that the cyclic
strength decreases as the fines content increases. Mix-
tures with 2 and 10% of fines content present a sharp
increase in cyclic strength from a relative density
around 50%, while mixtures with 18 and 28% of
fines content present only a gradual increase of cyclic
strength with relative density.

A rather unique steady state line in the g-p’ plane
was obtained for all the mixtures, indicating a constant
residual angle of internal friction of 35°, regardless the
fines content.

Fines content affect the position of the steady state
lines in the e-p’ plane. The higher the fines content the
lower the position of the steady state line. However,
the fines do not affect the slope of the steady state
lines.

The amount of non-plastic fines used in this study
affect the soil structure making it more contractive,
and therefore, more sensitive to liquefaction.

From the seismic analysis, the required cyclic
strength can be established and from the presented
results, the possible combinations of fines content
and relative density that satisfy the required cyclic
strength can be obtained. Therefore, during the tail-
ing dam construction it is possible to have a flexible
design playing with the requested density according to
the fines content produced by the cycloning process.

In the case of large earth dam, these days the
most common adopted design corresponds to Con-
crete Face Rockfill Dam and Concrete Face Gravel-
fill Dam. These types of dams have increased in
number throughout the world mainly because of the
good behavior from all technical standpoints and also
due to the lower cost. Coarse materials as rockfill,
cobbles and gravel always present difficulties in the
evaluation of their properties, commonly due to the
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lack of available equipment to test large particles.
An alternative procedure to evaluate the mechanical
properties is the parallel gradation method. The over-
sized particles are scalped and a new batch of soil is
prepared using the original material, which has a grain
size distribution curve parallel (in the common semi
log scale) to that of the original sample. The main
advantage of this procedure is that the soil gradation
is maintained.

Experimental results indicate that the parallel gra-
dation method provides a quite reasonable procedure
to evaluate the geomechanical response of coarse gran-
ular materials.

Another issue of Concrete Face Rockfill and Gravel-
fill dams is associated with the long term deformation
which might affect the concrete face. Using a simple
elasto-plastic stress-strain relationship, the measure-
ments of three Chilean dams were reproduced and the
deformation modulus computed. The relationship that
reproduced the calculated values of the deformation
modulus can be expressed in the form: E = E; (t/t;)®,
where E; (deformation modulus associated to the
settlement of the dam at 1 year after construction)
depends upon the dam material, and the parameter b
has shown to be a constant value for rockfill dams;
b= —-0.35.
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Gravel drains for the remediation of liquefiable sites:
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G.D. Bouckovalas

National Technical University of Athens, Greece

A.G. Papadimitriou
University of Thessaly, Greece

D. Niarchos
Massachusetts Institute of Technology, USA

ABSTRACT: This paper revisits the seminal work of Seed & Booker (1977) on the design of gravel drains for
liquefaction mitigation. It shows that their basic mathematical assumption for the earthquake-induced excess
pore pressure generation process overlooks the shake-down effects of fabric evolution during cyclic loading
and eventually leads to an underestimation of the gravel drain effectiveness. Hence, a new implementation of
the equation for the rate of undrained excess pore pressure generation, with insight to the mechanism of the
soil deformation, leads to a more realistic estimation of the effectiveness of gravel drains, that is backed by
experimental measurements from shaking table tests and numerical simulations with appropriate constitutive
modeling. The paper ends with the proposal of a new set of charts for a more realistic design of gravel drains

for liquefaction mitigation.

1 INTRODUCTION

The installation of gravel piles accompanied by vibra-
tory compaction of the surrounding loose sand deposits
(Fig. 1) is one of the most widely used methods for
liquefaction mitigation worldwide. In such cases, the
main function of the gravel piles is twofold: they
increase the liquefaction strength of the sand by increa-
sing the insitu density, and also retard the excess pore
pressure build-up by triggering radial drainage, from
the sandy ground towards the more permeable gravel
piles. In principle at least, the presence of the rela-
tively stiffer gravel piles may also lead to redistribution
of the shear stresses and strains induced by seismic
shaking, so that the stresses and strains applied to
the improved ground are reduced and the margins of
safety against liquefaction are thus enhanced (Priebe,
1989 & 1991, Baez & Martin, 1993, Adalier et al.,
2003). Nevertheless, for the gravel pile configurations
which are usually employed in practice (i.e. with area
replacement ratios a; = 10 to 25%), the reduction in
ground stresses and strains is marginal and may even
be overshadowed by the possible amplification of the
seismic shaking within the improved ground (Adalier
et al., 2003, Bouckovalas et al., 2006, Papadimitriou
et al., 2006).
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When this method is applied within an urban
environment, or in order to improve existing foun-
dations, vibration is partially or totally avoided during
pile installation, so that ground improvement relies
solely upon the drainage function of the gravel piles
(Saito et al., 1987, Mitchell & Wentz, 1991, Mitchell
et al., 1995, TC4, 2001, Adalier & Elgamal, 2004,
Towhata, 2007, Yasuda, 2007). Thus, it has been
recently proposed that prefabricated plastic or metal
pipe drains replace the traditional gravel piles in
such applications, as they cause limited environmen-
tal impact, while they require simpler mechanical
equipment and less working space (Rollins, 2004,
Rollins et al., 2004, Harada et al., 2006, Kamai et al.,
2007, Marinucci et al., 2008). Furthermore, they are
much more permeable than gravel piles, and better
protected against clogging due to sand and silt infiltra-
tion, so that they diffuse concerns expressed in the past
(e.g. Onoue, 1988, Boulanger et al., 1998) about the act-
ual capacity of gravel piles to trigger drainage in the field.

Seed & Booker (1977) were pioneers in propos-
ing an analytical method for the evaluation of radial
drainage effects on earthquake induced excess pore
pressures, for the case of uniform ground and for
drain wells of infinitely large permeability. Their
method can be handily applied via design charts which
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Figure 1.

account consistently for soil properties and seismic
motion characteristics. As such, it has been estab-
lished in practice today, having been adopted by a
number of contemporary design handbooks and guide-
lines worldwide (e.g. JGS, 1998, USACE, 1999, INA,
2001).

Although, for many years, the relevant research
was not given priority over the investigation of meth-
ods for liquefaction-induced hazard assessment, a
number of valuable studies have succeeded to lift
some of the simplifying assumptions introduced by
Seed & Booker (1977) and improve the accuracy of
analytical predictions. Of these newer method vari-
ants, one that has attracted considerable attention
is the work of Onoue (1988), who used the drain
permeability k; as a design parameter that created
the so-called dimensionless drain resistance L, which
reduces the dissipating capability of drains if the &y
value is not significantly larger than that of the nat-
ural soil k;. Furthermore, Onoue (1988) studied the
problem of combined horizontal (towards the drains)
and vertical upward dissipation of excess pore pres-
sures through the sand layer to the ground surface
that may occur if the layer in question is not cov-
ered by a low-permeability layer (e.g. a clay cap). In
parallel, Matsubara et al. (1988) and lai & Koizumi
(1986) proposed similar method variants, with rel-
atively small differences on the dissipating capacity
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(a) Arrangement of gravel drain system, (b) Gravel drain with radial drainage only (Seed and Booker, 1977).

of the drains, as a function of the drain resistance L
factor. More recently, Madhav & Adapa (2007) studied
the effects of radially variable ground densification,
as well as of the possible dilation of the gravel pile
material.

Apart from the applied refinements, the basic dif-
ferential equations which are used in all previous meth-
ods to describe the build up and dissipation of excess
pore pressures in the liquefiable sand are essentially
common. In this paper, we show that one of these com-
mon assumptions, namely that concerning the rate of
excess pore pressure build up in the natural ground,
may have been misinterpreted in the mathematical for-
mulation of the problem, leading to overrated pre-
dictions of excess pore pressures. Consequently, new
design charts are produced for the same conditions
examined in the pioneering work of Seed & Booker
(1977) and examples are given for the potential benefit
from their use in practice.

2 BASIC EQUATIONS

To aid the reader focus upon the proposed changes, we
quote hereafter (in italics) the derivation of the basic
governing equations from the original paper by Seed &
Booker (1977). It should be noted in advance, that the
same equations are also adopted by this study, with



the exception of Eq. 8 for the rate of pore pressure
build up in the soil due to seismic shaking which is
re-examined in the next section.

“In developing the basic equations governing the
generation and dissipation of pore water pressure
throughout a granular material, it will be assumed
that the flow of the pore water is governed by Darcy s
Law, so that the usual considerations of continuity of
flow lead to the equation:

o [ ky ou o (ky ou 0 [k, ou de
Nt )+l )=5 @
ox \ yy Ox ay \vw 0y 0z \ yw 0z ot

in which u is the excess hydrostatic pore pressure;
ky, ky are coefficients of permeability in the vertical
and the horizontal directions; y4, is the unit weight of
water; and ¢ is the volumetric strain, with volumetric
reduction being considered positive.

During an interval of time, dt, the pore water pres-
sure in an element of soil will undergo a change, du,
while the element will also be subjected to dN cycles of
alternating shear stress which will cause an additional
increase in pore pressure (8ug / oN ) dN, in which
u, is the pore pressure generated by the alternating
shear stresses for the appropriate conditions of prior
strain history. It therefore follows, considering that
the change in bulk stress is negligible, that the volume
change de of the element in time dt is given by:

dug
de =my3 | du — —dN (2a)
oN

in which m, 3 is the coefficient of volume compress-
ibility, i.e.

a a du, ON
2 mma (G- e @b)

ot at dN ot
Combining Eqs. 1 and 2b it is found that:
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If'the coefficients of permeability and m, 3 are con-
stant and the problem exhibits radial symmetry, Eq. 3
becomes

8%u

kn %u n 1 0u k.,
Ywhiyz \Or2  r or Ywhiy3 022
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and for purely vertical drainage reduces to the form
developed by Seed, Martin and Lysmer (1975)

k9w du  dug ON
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©2009 Taylor & Francis Group, London, UK

Under conditions of purely radial drainage, as consid-
ered in the following section, Eq. 4 reduces to

k %u 1du du  du, ON
SRRy e
Ywhiy3 ar

ror) ot

In order to evaluate the extent of pore pressure
generation and dissipation using this equation, it is
necessary to determine duy /0N and ON /0t as well as
the soil properties kj and m, 3. The effective horizon-
tal permeability coefficient can best be determined by
means of a pumping testing in the field, and the value
of m, 3 by means of a cyclic loading triaxial compres-
sion test as described by Lee and Albaisa (1974). In
fact, m, 3 is not constant but varies with the pore pres-
sure ratio r,. However, it is essentially constant for
values of v, up to about 0.5, and since the object of the
drains is to keep the value of r,, to a reasonably low
value, the assumption of the constant value is justified
in this case.

The values of dug /0N can be found from undrained
tests as described by Seed, Martin and Lysmer (1975).
For many soils the relationship between ug and N can
be expressed for practical purposes in terms of the
number of cycles N required to cause initial liquefac-
tion under the given stress conditions in the following
form (Seed et al., 1975):

ug 2 _ (N 1/24
—= = —sin i @)

s i

Jfor which o is the initial mean bulk effective stress for
triaxial test conditions or the initial vertical effective
stress for simple shear conditions, and A is an empiri-
cal constant that has a typical value of 0.70 (see Fig. 2).
Thus

dug o) I

= -~ 2A-1 ®)
ON  AmN; sin (%ru) cos (3ry)

in which r, = u/o)is the pore pressure ratio.
For practical purposes, the irregular cyclic load-
ing induced by an earthquake may be converted to an
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Figure 2. Excezz pore-water pressure build up in cyclic
undrained simple shear tests (DeAlba et al., 1975.



equivalent number, N ., of uniform stress cycles at a
stress ratio t,/0,, occurring in some duration of time
tq of earthquake shaking (Seed et al., 1975). Thus
o P ©)
ot ty

In using these results it must be noted that the rate
of pore pressure generation, dug/dN, depends on
the previous cyclic history of the soil and this may
be represented approximately by the accumulated
pore pressure u. Thus, for any given point at time,
ti, the appropriate rate of pore pressure generation
(0ug /ON )i, must be determined by Eq. 8 correspond-
ing to a value of u existing in the soil at that time.
By this means the past history of strain cycles may be
taken into account with a reasonable degree of accu-
racy. Note, however, that the soil will increase slightly
in density due to any pore pressure dissipation that
has already occurred and this will influence the pore
pressure generation function. It is considered that this
effect is of minor importance in the overall develop-
ment of pore pressures and for practical purposes can
be neglected.”

3 REVISED RATE OF EXCESS PORE
PRESSURE GENERATION

To gain insight to the factors affecting the rate of excess
pore pressure build up, one needs to re-examine the
derivation of Eq. 8. Namely, differentiation of Eq. 7
with respect to N, leads to the following expression
of the excess pore pressure generation rate in terms of
the normalized number of cycles, N/N;:

ou fopt
= )
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and
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Eq. 10a s plotted 