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Preface

Performance-Based Design is increasingly employed recently in structural design of buildings and infrastructural
facilities in many countries. The performance of foundation ground and soil structures under earthquake loading
has long been a major topic of discussion since the beginning of TC4 in 1987 initiated by Professor Kenji
Ishihara, the first Chairman. Professor Liam Finn, previous Chairman, emphasizing the importance of PBD
in earthquake geotechnical engineering, held the Satellite Conference just before the 2005 ICSMGE in Osaka
focusing on this problem.

Despite such long lasting efforts, PBD has not yet been established sufficiently in geotechnical engineer-
ing practice. Seismically induced ground deformation essential to performance design is not easy to evaluate
mainly because, in contrast to superstructures, the ground is a 3-dimentional continuum with tremendous spatial
variability and its stress-strain relationship is strongly nonlinear with dilatancy effect.

A rapid development in practical and reliable PBD is thus needed not only for foundation design but also for
superstructures resting on incompetent soils. It is particularly true under circumstances where seismic ground
motions observed during recent destructive earthquakes are getting larger. Such large motions often lead to
intolerable results of foundation ground and superstructures resting on it, if they are designed by the conventional
limit state design methodologies. Thus, we are urged to reconsider how to design new buildings and new
civil engineering structures properly and also how to retrofit existing structures from the viewpoint of their
performance under increasing seismic loads.

The first task toward this direction is to establish the performance criteria in the arena of earthquake geotechni-
cal design to comply with the performance of buildings or civil engineering structures. The next major challenge
for geotechnical engineering community is to shift from the limit state design to the strain/deformation evalua-
tion based on time/frequency-domain calculations not only in research front but also in engineering practice as
well.

More and more numerical analyses incorporating time-histories of input seismic motions and strong nonlinear
response of soils are already in practice in this respect. However, in contrast to the conventional methods,
uncertainties involved in the PBD become considerable in terms of seismic input, large-strain soil properties,
optional parameters in numerical analyses, etc, which almost inevitably attracts designers’ attention from the
deterministic method to probabilistic approach.

What we need in judging their reliability and how to choose appropriate values for input parameters is a sort of
benchmark case histories with well-documented geotechnical and seismic conditions. ‘‘Earthquake Geotechnical
Case Histories for Performance-Based Design’’ published by TC4, ISSMGE, during this conference aims to serve
as a common scale to measure the reliability of the analytical tools.

Also essential for PBD to be reliable enough is the improvement/innovation in soil investigation methodologies,
in situ and in laboratory, and their data interpretations. In situ deformation properties, together with their statistical
variability and strain-dependent nonlinearity need to be revaluated in particular. Finally design codes, domestic
and international, which support designers by stating the essence of PBD in geotechnical aspects without
regulating too much detail in the scope of the performance of a total system are also very much desirable.

Under such current circumstances, it is really timely to hold IS-Tokyo 2009 ‘‘International Conference on
Performance-based Design in Earthquake Geotechnical Engineering’’ to develop and share a common view on
PBD in earthquake geotechnical engineering. In the conference, state-of-the-arts in PBD in earthquake geotech-
nical engineering are reviewed and discussed in keynote lectures, theme lectures and many technical sessions
for typical problems including case histories, numerical methods, soil investigations. Discussion sessions will
be held for case histories, performance evaluations, role of soil investigations and performance criteria/design
codes. As one of the recent case histories during extremely strong earthquakes, Special Session on the 2008
Wenchuan Sichuan earthquake in China will also be held. At the end of Conference, Special Discussion Session
on Future Directions of PBD will take place with panelists of honorable TC4 members.

About 240 technical papers including invited papers have been submitted from all over the world and printed
in the proceedings. Among them, about 210 general papers have been peer-reviewed. I would like to show my
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deep gratitude to the peer-reviewers who contributed their precious time. All the papers are accommodated in
the CD-ROM of the proceedings in full color with the table of contents and serial page numbers, among which
the invited papers and short papers concerning the discussion sessions are printed in black and white in the hard
cover volume.

After agreeing to have this conference in TC4 meeting in Thessaloniki at the occasion of 4th ICEGE, an
Organizing Committee including Special Task Team with the members given below have paid every effort to
make this conference worthwhile. I would like to express my sincere gratitude to all the members for their
great contribution. Among them, Professor Yoshimichi Tsukamoto, Secretary General, devoted a majority of
his busy time and efforts in drafting the conference program, budgeting, serving as a liaison of general matters.
Professor Michutoshi Yoshimine, Academic Secretary, made great effort in dealing with abstracts, full paper
submissions, reviewing, etc. Professor Kenji Ishihara, the first Chairman of TC4, encouraged and advised the
Committee members in constructing the conference program, the technical tour, etc. The organizing committee
of IS-Tokyo 2009 would like to acknowledge that this conference is partly funded by Maeda Engineering
Foundation. The cooperation to the Conference Exhibition by 17 engineering companies and 4 universities are
also gratefully acknowledged.

Finally, it is my sincere hope that this conference will be able to serve as a milestone for international
geotechnical engineers and researchers, in practically using and further developing Performance-Based Design
methodologies in earthquake geotechnical engineering.

Takaji Kokusho
Professor of Chuo University,

Tokyo, Japan
Chairman of IS-Tokyo 2009

‘‘International Conference on Performance-based Design in Earthquake Geotechnical Engineering’’
Co-chairman of TC4, Geotechnical Earthquake Engineering and Associated Problems, ISSMGE.

June 2009
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Performance based earthquake design using the CPT

P.K. Robertson
Gregg Drilling & Testing Inc., Signal Hill, California, USA

ABSTRACT: Application of the Cone Penetration Test (CPT) for the evaluation of seismic performance is
reviewed and updates presented. The role of the CPT in geotechnical earthquake engineering is presented. The
use of the CPT to identify soil behavior type and the normalization of CPT parameters is also reviewed and
updates presented. The case-history based method to evaluate the resistance of sand-like soils to cyclic loading is
reviewed and compared with the expanded and re-evaluated case history database. The laboratory based method
to evaluate the resistance of clay-like soils to cyclic loading is reviewed and modified for application using the
CPT. A new combined CPT-based method to evaluate the resistance to cyclic loading is proposed that covers all
soils and is evaluated using an expanded case history database. The CPT-based method is extended to estimate
both volumetric and shear strains for all soils and evaluated using the expanded case history database.

1 INTRODUCTION

The seismic performance of geotechnical structures
often requires an estimate of potential post-earthquake
displacements. Historically, geotechnical earthquake
design has focused extensively on evaluation of liq-
uefaction in sandy soils since deformations tend to be
large when soils experience liquefaction. Liquefaction
analyses have traditionally focused on the evaluation of
factor of safety and using this as an indicator of poten-
tial post-earthquake deformations. Recently there has
been growing awareness that soft clays can also deform
during earthquake loading.

In North American building codes (e.g. NBC 2005,
FEMA 356 and SEAOC 1995), the design philoso-
phy for earthquake loading is to accept some level of
damage to structures, i.e. to accept some level of defor-
mation. The acceptable level of damage and deforma-
tion is a function of the importance of the structure
and the earthquake return period. The importance of
the structure is a function of the risk. The evalua-
tion of post-earthquake deformations is therefore a key
element in any performance based earthquake design.

Due to size limitations, this paper will only discuss
the application of the Cone Penetration Test (CPT) for
the evaluation of post-earthquake deformations. The
intent of this paper is not to imply that all earthquake
geotechnical design can be accomplished using only
the CPT; other in-situ tests along with sampling and
laboratory testing also play a role, depending on the
risk of the project.

2 ROLE OF CPT IN GEOTECHNICAL
EARTHQUAKE ENGINEERING

Since this paper is focused on the application of CPT
results for the evaluation of post-earthquake deforma-
tions, it is appropriate to briefly discuss the role of the
CPT in geotechnical earthquake engineering practice.
Hight and Leroueil (2003) suggested that the appro-
priate level of sophistication for a site characterization
and analyses program should be based on the following
criteria:

• Precedent and local experience
• Design objectives
• Level of geotechnical risk
• Potential cost savings

The evaluation of geotechnical risk was described
by Robertson (1998) and is dependent on hazards
(what can go wrong), probability of occurrence (how
likely is it to go wrong) and the consequences (what are
the outcomes). Earthquake loading can be a significant
hazard, but the resulting risk is primarily a function of
the probability of occurrence and the consequences.
General recommendations for the appropriate level
of sophistication for site investigation and subsequent
design can be summarized in Table 1. Although Table 1
indicates only two broad outcomes, Robertson (1998)
and Lacasse and Nadim (1998) showed that the level
of risk cover a range from low to high and that the
resulting site characterization program should vary
accordingly.
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Table 1. Appropriate level of sophistication for site characterization and analyses.

Rating Criteria Rating

Good Precedent & local experience Poor
Simple Design objectives Complex
Low Level of geotechnical risk High
Low Potential for cost savings High
Low risk project High risk project
Traditional Advanced

(simplified) methods (complex) methods

For low risk projects, traditional methods, such as
in-situ logging tests (e.g. CPT, SPT) and index test-
ing on disturbed samples combined with conservative
design criteria, are often appropriate. For the evalua-
tion of liquefaction and post-earthquake deformations
the Simplified Procedure, first proposed by Seed and
Idriss (1971) and recently updated by Youd et al.
(2001), is appropriate for low risk projects. For mod-
erate risk projects, the Simplified Procedure should
be supplemented with additional specific in-situ test-
ing where appropriate, such as seismic CPT with pore
pressure measurements (SCPTu) and field vane tests
(FVT) combined with selective sampling and basic
laboratory testing to develop site specific correla-
tions. Sampling and laboratory testing is often limited
to fine-grained soils where conventional sampling is
easier and appropriate. For high risk projects, the Sim-
plified Procedure can be used for screening to identify
potentially critical regions/zones appropriate to the
design objectives. This should be followed by selec-
tive high quality sampling and advanced laboratory
testing. The results of laboratory testing should be
correlated to in-situ test results to extend the results
to other regions of the project. The Simplified Proce-
dure for liquefaction evaluation should be used only
as a screening technique to identify potentially crit-
ical regions/zones for high risk projects. Advanced
techniques, such as numerical modeling, are often
appropriate for more detailed evaluation of potential
post-earthquake deformations for high risk projects.

One reason for the continued application of the
Standard Penetration Test (SPT) as a basic logging
test is that the test provides a soil sample suitable for
index testing, even though the test can be unreliable.
A common complaint about the CPT is that it does not
provide a soil sample. Although it is correct that a soil
sample is not obtained during the CPT, most commer-
cial CPT operators have a simple push-in soil sampler
that can be pushed using the CPT installation equip-
ment to obtain a small (typically 25 mm diameter)
disturbed sample of similar size to that obtained from
the SPT. Often the most cost effective solution is to
obtain a detailed continuous stratigraphic profile using
the CPT, then to move over a short distance (<1 m)

and push a small diameter sampler to obtain discrete
selective soil samples in critical layers/zones that were
identified by the CPT. Continuous push samplers are also
available to collect plastic-lined near continuous small
diameter, disturbed soil samples. The push rate to
obtain soil samples can be significantly faster than the
2 cm/s required for the CPT therefore making sam-
pling rapid and cost effective for a small number of
discrete samples. For low risk projects the efficiency
and cost effectiveness of CPT, combined with adja-
cent discrete push-in soil samples, is usually superior
to that of CPT plus adjacent boreholes with SPT.

Many of the comments and recommendations con-
tained in this paper are focused on low to moderate risk
projects where traditional (simplified) procedures are
appropriate and where empirical interpretations tend
to dominate. For projects where more advanced proce-
dures are appropriate, the recommendations provided
in this paper can be used as a screening to evaluate
critical regions/zones where selective additional in-
situ testing and sampling may be appropriate. Risk
based site investigation and analysis is consistent with
performance based design principles where the design
criteria are in terms of deformation based on the risk
of the structure.

3 BASIC SOIL BEHAVIOR UNDER
EARTHQUAKE LOADING

Boulanger and Idriss (2004b, 2007) showed that, for
practical purposes, soils can be divided into either
‘sand-like’ or ‘clay-like’ soils, where sand-like soils
can experience ‘liquefaction’ and clay-like soils can
experience ‘cyclic failure’. In a general sense, sand-
like soils are gravels, sands, and very-low plasticity
silts, whereas clay-like soils are clays and plastic silts.

In general, all soils deform under earthquake load-
ing. Earthquakes impose cyclic loading rapidly and
soils respond undrained during the earthquake. In
general, all soils develop some pore pressure during
earthquake loading and at small strains these pore pres-
sures are almost always positive. Sand-like soils can
develop high positive pore pressures during undrained
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cyclic loading and can reach a condition of zero
effective confining stress. At the condition of zero
effective stress, the initial structure of the soil is lost
and the stiffness of the soil in shear is essentially zero
or very small and large deformations can occur during
earthquake loading. The condition of zero effective
stress is often defined as ‘liquefaction’ or ‘cyclic liq-
uefaction’. Loose, young, uncemented sand-like soils
are more susceptible to ‘liquefaction’ than dense sand-
like soils. The ability of sand-like soils to liquefy is a
function of in-situ state (relative density and effective
confining stress), structure (age, fabric and cementa-
tion) and the size and duration of the cyclic loading.
Most liquefaction cases occur in young uncemented
sand-like soils. During earthquake loading, loose
sand-like soils can experience very large shear strains
which can result in large lateral and vertical defor-
mations, depending on ground geometry and external
static loads (e.g. buildings, embankments, slopes,
etc.). Very loose sand-like soils can also experience
strength loss after earthquake loading that can result
in flow slides with very large deformations depending
on ground geometry and drainage. Following earth-
quake loading, sand-like soils can also experience
volumetric strains and post-earthquake reconsolida-
tion settlements. The resulting volumetric strains can
be large due to the loss of initial soil structure at zero
effective stress and resulting small volumetric stiffness
(constrained modulus) during initial reconsolidation.
These settlements generally occur rapidly after the
earthquake (i.e. in less than a few hours), depending
on soil stratigraphy and drainage conditions.

Clay-like (cohesive) soils can also develop pore
pressures during undrained cyclic loading, but gener-
ally do not reach zero effective stress and hence retain
some level of stiffness during cyclic loading and gen-
erally deform less than sand-like soils. Traditionally,
clay-like soils are considered not susceptible to lique-
faction, since they generally do not reach a condition
of zero effective stress. However, clay-like soils can
deform during cyclic earthquake loading. The amount
of pore pressure buildup is a function of in-situ state
(overconsolidation ratio), sensitivity, structure (age,
fabric and cementation) and size and duration of cyclic
loading. Soft normally to lightly overconsolidated and
sensitive clay-like soils can develop large positive
pore pressures with significant shear strains during
earthquake loading that can result in lateral and ver-
tical deformations, depending on ground geometry
and external static loads (e.g. buildings, embank-
ments, slopes, etc.). Very sensitive clay-like soils can
also experience strength loss after earthquake loading
that can result in flow slides with very large defor-
mations depending on ground geometry. Following
earthquake loading, clay-like soils can also experience
volumetric strains and post-earthquake reconsolida-
tion settlements. However, these settlements generally
occur slowly after the earthquake due to the lower

permeability of clay-like soils and are also a function
of soil stratigraphy and drainage conditions. The volu-
metric strains during post-earthquake reconsolidation
are generally small since clay-like soils often retain
some original soil structure and hence, maintain a high
value of volumetric stiffness during reconsolidation.

Following earthquake loading, pore-water redistri-
bution can result in some sand-like soils changing void
ratio and becoming looser. This can result in strength
loss and the potential for instability.

Recent research has indicated that the transition
from sand-like to clay-like soils can be approximately
defined by Atterberg Limits (e.g. plasticity index) of
the soil (Seed et al, 2003; Bray and Sancio, 2006;
Boulanger and Idriss, 2007). Sangrey et al. (1978)
suggested that the transition was controlled by the
compressibility of the soil, where, in general, clay-like
soils have a higher compressibility than sand-like soils.
In a general sense, soft normally consolidated clay-
like fine grained soils respond in a similar manner to
loose sand-like soils in that they are both contrac-
tive under shear and develop positive pore pressures
in undrained shear. Highly sensitive clay-like soils
are similar to very loose sand-like soils in that both
can experience a large increase in pore pressure under
undrained shear and can experience significant strength
loss (i.e. strain soften). Stiff overconsolidated clay-like
fine grained soils respond in a similar manner to dense
sand-like soils in that they both dilate under shear at
high strains. Soil response in fine grained soils is con-
trolled partly by the amount and type of clay minerals.
The plasticity index is an approximate measure of the
mineralogy of the soil, where the amount and type of
clay mineral influences soil behavior.

Traditionally, the response of sand-like and clay-like
soils to earthquake loading is evaluated using different
procedures. It is common to first evaluate which soils
are sand-like, and therefore susceptible to liquefaction
based on grain size distribution and Atterberg Lim-
its, and then to determine the factor of safety (FSliq)
against liquefaction. A key element in performance
based geotechnical earthquake design is the evalua-
tion of post-earthquake deformations. The challenge
is to develop procedures that capture the correct soil
response as soil transitions from primarily sand-like
to clay-like in nature. The objective of this paper is to
outline a possible unified approach for all soils using
CPT results with the ultimate goal to evaluate possible
post-earthquake deformations.

4 CPT SOIL BEHAVIOUR TYPE

One of the major applications of the CPT has been the
determination of soil stratigraphy and the identifica-
tion of soil type. This has been accomplished using
charts that link cone parameters to soil type. Early
charts using qc and friction ratio (Rf ) were proposed
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by Douglas and Olsen (1981), but the charts proposed
by Robertson et al. (1986) have become popular.
Initially these charts were based on empirical cor-
relations, but theoretical studies have supported the
general concepts. Robertson et al. (1986) and Robert-
son (1990) stressed that the charts were predictive of
Soil Behaviour Type (SBT) since the cone responds to
the mechanical behaviour of the soil and not directly to
soil classification criteria based on grain-size distribu-
tion and soil plasticity. Fortunately, soil classification
criteria based on grain-size distribution and plastic-
ity often relate reasonably well to soil behaviour and
hence, there is often good agreement between soil
classification based on samples and SBT based on
the CPT. Several examples can be given when dif-
ferences arise between soil classification and SBT
based on CPT. For example, a soil with 60% sand and
40% fines may be classified as ‘silty sand’ using the
unified classification system. However, if the fines
are composed of a highly active clay mineral with
high plasticity, the soil behaviour may be controlled
more by the clay and the SBT from the CPT will
reflect this behaviour and predict a more clay-like
behaviour, such as ‘clayey silt’. If the fines were non-
plastic the soil behaviour may be controlled more by
the sand, the CPT SBT would predict a sand like
soil type, such as ‘silty sand’. Saturated loose silts
often behave like soft clay in that their undrained
strength is low and undrained response often gov-
erns geotechnical design. Hence, SBT based on CPT
in soft saturated silts is often defined as clay. Very
stiff heavily overconsolidated fine-grained soils tend
to behave similar to coarse-grained soil in that they
dilate at large strains under shear and can have high
undrained shear strength compared to their drained
strength. These few examples illustrate that the SBT
based on the CPT may not always agree with tradi-
tional classification based on samples. Geotechnical
engineers are usually interested in the behaviour of the
soil rather than a classification based only on grain-
size distribution and plasticity, although knowledge of
both is useful.

The corrected cone (tip) resistance (qt) responds to
the average shear strength (depending on soil sensitiv-
ity, heterogeneity and macro fabric) of the soil ahead
and behind the advancing cone, whereas the sleeve
friction (fs) and measured pore pressure (u2) responds
to the larger strain behaviour of the soil in contact with
the cone. There is also a small scale effect and physical
offset between the qt and fs measurements. Typically
most commercially available CPT data acquisition
systems adjust the two readings to present them at the
same depth in the soil profile (i.e. the fs reading is
recorded when the center of the sleeve has reached the
same depth/elevation as the cone tip). Soils with gravel
particles can produce rapid unrepresentative variations
in sleeve friction due to large particles touching the
friction sleeve.

Robertson (1990) updated the CPT SBT charts
using normalized (and dimensionless) cone parame-
ters, Qt1, F, Bq, where:

Qt1 = (qt − σvo)/σ
′
vo (1)

Fr = [(fs/(qt − σvo)] 100% (2)

Bq = �u/(qt − σvo) (3)

where:
σvo = pre-insertion in-situ total vertical stress
σ ′

vo = pre-insertion in-situ effective vertical stress
u0 = in-situ equilibrium water pressure
�u = excess penetration pore pressure.

In the original paper by Robertson (1990) the nor-
malized cone resistance was defined using the term
Qt. The term Qt1 is used here to show that the cone
resistance is the corrected cone resistance, qt with
the stress exponent for stress normalization n = 1.0.
Note that in clean sands, qc = qt, but the more correct
qt is used in this paper.

In general, the normalized charts provide more
reliable identification of SBT than the nonnormal-
ized charts, although when the in-situ vertical effec-
tive stress is between 50 kpa to 150 kpa there is
often little difference between normalized and non-
normalized SBT. The term SBTn will be used to
distinguish between normalized and non-normalized
SBT. Robertson (1990) suggested two charts based
on either Qt1 – Fr or Qt1 − Bq but recommended that
the Qt1 – Fr chart was generally more reliable, espe-
cially for onshore geotechnical investigations where
the CPT pore pressure results are more problematic
and less reliable.

Jefferies and Davies (1993) identified that a Soil
Behaviour Type Index, Ic, could represent the SBTn
zones in the Qt1 − Fr chart where Ic is essentially the
radius of concentric circles that define the boundaries
of soil type. Robertson and Wride (1998) modified
the definition of Ic to apply to the Robertson (1990)
Qt1 – Fr chart, as defined by:

Ic = [(3.47 − log Qt1)
2 + (log Fr + 1.22)2]0.5 (4)

Contours of Ic are shown in Figure 1 on the Robert-
son (1990) Qt1 – Fr SBTn chart. The contours of Ic can
be used to approximate the SBT boundaries.

Jefferies and Davies (1993) suggested that the SBT
index Ic could also be used to modify empirical cor-
relations that vary with soil type. This is a powerful
concept and has been used where appropriate in this
paper.

Robertson and Wride (1998) and updated by Zhang
et al. (2002) suggested a normalized cone parameter,
using normalization with a variable stress exponent, n,
where:

Qtn = [(qt − σv)/pa](pa/σ
′
vo)

n (5)

where:
(qt – σv)/pa = dimensionless net cone resistance,
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Figure 1. Contours of soil behaviour type index, Ic on
normalized SBT Qtn − Fr chart.

(pa/σ
′
vo)

n = stress normalization factor
n = stress exponent that varies with SBTn
pa = atmospheric pressure in same units as qt and σv.

Robertson and Wride (1998) and Zhang et al.
(2002) use the term, qc1N instead of Qtn. This paper
will use the more general term, Qtn. Where the term
‘Qt’ denotes normalized corrected cone resistance
and the subscript ‘n’ denotes normalization with a
variable stress exponent. Note that, when n = 1,
Qtn = Qt1. Zhang et al. (2002) suggested that the
stress exponent, n, could be estimated using the SBTn
Index, Ic, and that Ic should be defined using Qtn.

Robertson (2008) recently updated the stress nor-
malization by Zhang et al. (2002) to allow for a vari-
ation of the stress exponent with both SBTn Ic and
effective overburden stress using:

n = 0.381(Ic) + 0.05(σ ′
vo/pa) − 0.15 (6)

where n ≤ 1.0.
Robertson (2008) suggested that the above modifi-

cation to the stress exponent would capture the correct
state response for soils at high stress level and would
avoid the need for a further stress level correction (Kσ )
in liquefaction analyses.

There have been several publications regarding the
appropriate stress normalization (Olsen and Malone,
1988; Robertson, 1990; Jefferies and Davies, 1991;
Robertson and Wride, 1998; Zhang et al., 2002;
Boulanger and Idriss, 2004a; Moss et al., 2006; Cetin
and Isik, 2007; Robertson, 2008). The contours of
stress exponent suggested by Cetin and Isik (2007)
are very similar to those first suggested by Robertson
and Wride (1998), updated by Zhang et al. (2002) and
further modified slightly by Robertson (2008). The
contours by Moss et al. (2006) are similar to those
first suggested by Olsen and Malone (1988). The nor-
malization suggested by Boulanger and Idriss (2004a)

only applies to sands where the stress exponent varies
with relative density with a value of around 0.8 in
loose sands and 0.3 in dense sands. Figure 2 shows a
comparison of the stress exponent contours suggested
by Robertson (2008) for σ ′

vo/pa = 1.0, Moss et al.
(2006), and Boulanger and Idriss (2004a) on the nor-
malized SBTn chart of Qtn – Fr. The regions where the
three methods provide similar values are highlighted
and show that the methods agree on or close to the
normally consolidated zone suggested by Robertson
(1990). Wroth (1984) showed that the stress exponent
is 1.0 for clays based on Critical State Soil Mechanics
(CSSM) theory, which is reflected in the Robertson
(1990 & 2008) contours. The contours suggested by
Olsen and Malone (1988) and Moss et al. (2006) are
not supported by CSSM.

Robertson (1990) stated that the soil behaviour
type charts are global in nature and should be used
as a guide for defining Soil Behaviour Type (SBT).
Caution should be used when comparing CPT-based
SBT to samples with traditional classification systems
based only on grain size distribution and plastic-
ity. Factors such as changes in stress history, in-situ
stresses, macro fabric, cementation, sensitivity and
void ratio/water content will also influence the CPT
response and resulting SBT. The rate and manner in
which the excess pore pressures dissipate during a
pause in the cone penetration can significantly aid in
identifying soil type.

Robertson (1990) and others have suggested that
soils that have a SBTn index Ic < 2.5 are generally
cohesionless where the cone penetration is generally
drained and soils that have Ic > 2.7 are generally cohe-
sive where the cone penetration is generally undrained.
Cone penetration in soils with 2.5 < Ic < 2.7 is often
partially drained.

Figure 2. Comparison of contours of stress exponent ‘n’ on
normalized SBTn chart Qtn – Fr.
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5 SOIL STRATIGRAPHY—TRANSITION
ZONES

Robertson and Campanella (1983) discussed how the
cone tip resistance is influenced by the soil ahead and
behind the cone tip. Ahmadi and Robertson (2005)
illustrated this using numerical analyses and con-
firmed that the cone can sense a soil interface up to 15
cone diameters ahead and behind, depending on the
strength/stiffness of the soil and the in-situ effective
stresses. In strong/stiff soils, the zone of influence is
large (up to 15 cone diameters), whereas, in soft soils,
the zone of influence is rather small (as small as 1 cone
diameter). Ahmadi and Robertson (2005) showed that
the zone of influence decreased with increasing stress
(e.g. dense sands behave more like loose sands at high
values of effective stress).

For interbedded soil deposits, the thinnest stiff soil
layer for which the measured cone resistance repre-
sents a full response is about 10 to 30 cone diameters.
Hence, as described by Robertson and Campanella
(1983), soil parameters may be under-estimated in thin
stiff layers embedded within a softer soil (e.g. thin sand
layers in a softer clay). Fortunately, the cone can sense
a thin soft soil layer more precisely than a thin stiff
soil layer. The fact that the cone can underestimate the
soil resistance in thin stiff layers has led to the thin
layer correction for liquefaction analyses (Robertson
and Wride, 1998, Youd et al., 2001).

The zone of influence ahead and behind a cone dur-
ing penetration will influence the cone resistance at

any interface (boundary) between two soil types of
significantly different strength and stiffness. Hence,
it is often important to identify transitions between
different soils types to avoid possible misinterpreta-
tion. This issue has become increasingly important
with software (or spreadsheets) that provide interpre-
tation of every data point from the CPT. When CPT
data are collected at close intervals (typically every
20 to 50 mm) several data points are ‘in transition’
when the cone passes an interface between two differ-
ent soil types (e.g. from sand to clay and vice-versa).
For thin stiff layers the two interface regions can join
such that the cone resistance may not represent the true
value of the thin layer.

It is possible to identify the transition from one soil
type to another using the rate of change of either Ic
or Qtn. When the CPT is in transition from sand to clay,
the SBTn Ic will move from low values in the sand to
higher values in the clay. Robertson and Wride (1998)
suggested that the approximate boundary between
sand-like and clay-like behaviour is around Ic = 2.60.
Hence, when the rate of change of Ic is rapid and
is crossing the boundary defined by Ic = 2.60, the
cone is likely in transition from a sand-like to clay-
like soil, or vice-versa. Profiles of Ic provide a simple
means to identify these transition zones. Figure 3 illus-
trates a CPT profile through a deposit of interbedded
sands and clays and shows how computer software
(CLiq, 2008) can identify transition zones on the Ic
profile based on the rate of change of Ic as Ic crosses
the value 2.60. There are clear transitions from clay to

Figure 3. Example of interbedded soil profile with transition zones identified (in red) on SBTn Ic plot (CLiq Software,
Geologismiki).
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sand (and vice-versa) at depths of 4.5, 8.5, 12.5, 14.1,
14.5, 16.9, 17.5, and 20.5 m. The region between 5.0
to 8.0 m, and again between 20.5 to 21.8 m, represent
soils close to the boundary of Ic = 2.60. Although
these transitions could be identified from combina-
tions of Qtn, Fr and Bq, the algorithm (software) that
identifies the zones on the profile of Ic appears to be
more effective. Figure 3 also illustrates that the pore
pressure measurements are less effective at shallow
depths where saturation of the CPT sensor may be less
effective. At depths of about 14 m, 17 m and 21 m
there are thin sand layers where the maximum values
in the sand are likely too low due to the adjacent tran-
sition zones. Hence, identification of transition zones
aids in the recognition of thin layers that may require
correction (Youd et al., 2001).

6 RESISTANCE TO EARTHQUAKE LOADING

Idriss and Boulanger (2008) present a summary of the
history and background on the evaluation of liquefac-
tion resistance to earthquake loading. They describe in
detail how the Factor of Safety (FSliq) against trigger-
ing of liquefaction in sand-like soils can be computed
as the ratio of the soils CRR to the earthquake-induced
CSR, with both the CRR and CSR values pertaining
to the design earthquake magnitude (M) and in-situ
effective overburden stress (σ ′

vo):

FSliq = CRRM,σ ′
vo
/CSRM,σ ′

vo
(7)

Alternately, it is common to convert the earthquake-
induced CSR into the reference condition applicable
to M = 7.5 and σ ′

vo = 1 atm. (i.e. σ ′
vo/pa = 1).

FSliq = CRRM=7.5, σ ′
vo=1/CSRM=7.5, σ ′

vo=1 (8)

where:
CRRM=7.5, σ ′

vo=1 = Cyclic Resistance Ratio applica-
ble to M = 7.5 and an effective overburden stress of
σ ′

vo = 1 atm., sometimes presented as simply CRR7.5.
CRRM=7.5, σ ′

vo=1 = earthquake induced Cyclic Stress
Ratio adjusted to the equivalent CSR for the refer-
ence values of M = 7.5 and an effective overburden
stress of σ ′

vo = 1 atm., sometimes presented as simply
CSR7.5.

For low-risk projects, CSR is typically estimated
using the Simplified Procedure first described by Seed
and Idriss (1971), using:

CSR7.5 = 0.65[amax/g][σvo/σ
′
vo]rd[1/MSF][1/Kσ ] (9)

Alternate methods have been suggested for estimat-
ing the correction factors, rd, MSF and Kσ .

Boundary lines have been developed that separate
case histories in which ‘liquefaction’ was observed,
from case histories in which liquefaction was not
observed. This boundary line is used to provide the
relationship between in-situ CRR7.5 and an in-situ test

index. Due to space limitations, this paper will only
present CPT-based methods to estimate CRR7.5.

6.1 Sand-like (cohesionless) soils

CRR7.5 for sand-like soils is generally defined in terms
of ‘triggering’ liquefaction (i.e. reaching zero effec-
tive stress) although laboratory testing often uses
a critical shear strain level (e.g. γ = 3%). Trig-
gering of ‘liquefaction’ in loose sands is the onset
of large strains. Therefore, since CRR7.5 is tradi-
tionally used to define ‘liquefaction’ it can also be
used to define the onset of large deformations. If the
factor of safety against ‘liquefaction’ is less than 1
(i.e. FSliq < 1) shear strains can be large and tend to
increase as the factor of safety decreases, especially
for loose sands.

The evaluation of CRR has evolved primarily from
case histories of past earthquakes. The earliest efforts
began with attempts to use SPT data (Kishida, 1966,
Seed et al, 1984). In the early 1980’s efforts were made
to use CPT data (Zhou, 1980; Robertson and Cam-
panella, 1985). In 1996–97, a workshop by NCEER
and NSF provided a summary and recommendations
on SPT-, CPT-, and Vs-based correlations and proce-
dures (Youd et al., 2001). Following the NCEER work-
shop several major earthquakes provided new case
histories. Moss et al. (2006) produced a compilation
of the expanded database.

The NCEER/NSF workshop provided a set of rec-
ommendations by over 20 leading experts and was
summarized by Youd et al. (2001). Youd et al. (2001)
recommended the Robertson and Wride (1998) method
for the CPT-based approach to evaluate CRR for cohe-
sionless soils (Ic < 2.60). However, since 1997 there
have been several publications attempting to update
these recommendations. These updates have led to
some confusion in practice, since changes were sug-
gested to both CSR and CRR, which often resulted in
minor changes to the calculated FSliq.

Traditionally, case history data have been compiled
by identifying the combination of the earthquake-
induced cyclic stress ratio, CSR, and in-situ test results
that best represents the ‘critical zone’ where liquefaction
was estimated to have occurred for each site. It has
been common to adopt a magnitude M = 7.5 earth-
quake, an effective overburden stress of σ ′

vo = 1 atm
and case histories with modest static shear stress
(i.e. essentially level ground conditions). The resulting
CSR7.5 values are plotted against the in-situ test results
normalized to σ ′

vo = 1 atm. The resulting plots are
then used to develop boundary lines separating cases
of ‘liquefaction’ from cases of ‘non-liquefaction’ and,
therefore, a method to estimate the CRR7.5. This paper
will focus only on the approaches that use CPT results,
since the CPT is generally considered more repeatable
and reliable than the SPT and provides continuous data
in a cost effective manner.
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Although this traditional approach of using case
history data has resulted in significant developments,
the approach has some limitations. The following is a
short description of the main limitations.

‘Liquefaction’ and ‘Non-liquefaction’: field evi-
dence of ‘liquefaction’ generally consists of surface
observations of sand boils, ground fissures or lat-
eral spreading. Sites that show no surface features
may have experienced either liquefaction or the devel-
opment of significant pore pressures in some soil
layers, but no sand boils resulted, either due to the
depth of the layer or the overlying deposits. Also, sites
that show no surface deformation features may have
experienced significant pore pressure development in
some soil layers, but showed limited post-earthquake
deformations due to ground geometry and lack of any
significant static loads. Few case histories have well
documented deformation records where deformations
were recorded with depth.

Selecting the ‘critical zone’: the depth where
‘liquefaction’ was assumed to have occurred requires
considerable judgment. Occasionally, this is based on
linking sand boil material to a specific soil layer, but
often the selection is more subjective.

Average data points to represent each site: consid-
erable judgment is required to select an appropriate
average value for the in-situ test. For SPT results this
was simpler because there were often only 1 or 2 SPT
values in the critical zone. However, for CPT results
this is more difficult, since there can be many CPT
values within a layer. CPT results often show that a
soil layer is not uniform either in terms of consistency
(i.e. density/state) or grain characteristics (e.g. fines
content/plasticity). In critical soil layers, where the soil
is non-uniform and the cone resistance is variable, an
‘average’ value can be misleading.

Although the SPT- and CPT-based design methods
were developed using average values, the methods are
generally applied to all data points for design. CPT
data are generally recorded at 5 cm depth intervals
to provide a near continuous profile. Hence, applica-
tion of case-history based design methods, using the
near continuous CPT profile, incorporate some level
of conservatism. Applying the CPT-based methods to
average in-situ test values for design requires judgment
in selecting appropriate representative average values,
and details in the near continuous profile can be lost.

Although the traditional approach has limitations,
it has resulted in relatively simply approaches to eval-
uate a complex problem. Moss et al. (2006) (based
on Moss, 2003) compiled a comprehensive database
based on CPT records. For this paper, the Moss (2003)
database has been re-evaluated using the continuous
digital CPT records, where available, to confirm or
modify the estimated average in-situ test values. The
re-evaluation focused primarily on case histories that
plot close to the boundary lines, since these play a
more important role in defining the boundary line.

The near continuous CPT records were processed
through software that incorporates the updated
Robertson and Wride (1998); Zhang et al. (2002)
and Zhang et al. (2004) CPT-based method as well as
transition zone detection and the updated Robertson
(2008) stress normalization (equation 6) (CLiq www.
geologismiki.gr). The re-evaluation showed that the
Robertson and Wride (1998) method performed
extremely well on the database of near continuous CPT
records. Some sites that appeared to have ‘liquefaction’
average data points on the ‘non-liquefaction’ side of
the boundary line actually predicted ‘liquefaction’
(i.e. had regions in the critical layer where the com-
puted FSliq < 1) when using the near continuous CPT
data. Hence, at sites where the Robertson and Wride
(1998) method would appear to have incorrectly pre-
dicted performance based on the case history results
using Moss et al. (2006) average values, the method
predicted the correct performance using the mea-
sured near continuous values in terms of liquefaction
(i.e. FSliq < 1.0) and post-earthquake deformations.
Some key sites, where the average values selected
by Moss et al. (2006) were considered inappropriate,
are the sites at Whiskey Springs (1983 Borah Peak
earthquake). These sites were composed of gravelly
sands to sandy gravels and the CPT results showed
significant rapid variation caused by the gravel con-
tent. The CPT measurements at these sites were less
reliable due to the gravel content, and the average val-
ues selected by Moss et al. (2006) were considered
too high and unrepresentative of the loose sand matrix
that likely dominated the buildup of pore pressures
during the earthquake. Other key sites are Balboa
Blvd. and Malden St. (1994 Northridge, USA) and
Kornbloom (1982 Westmorland, USA). Average val-
ues can be misleading in interbedded soils and may
not adequately represent the various individual soil
layers.

Moss et al. (2006) and Juang et al. (2003) have
used the expanded case history database based on
average values to provide criteria based on probabil-
ity. The re-evaluation, using near continuous CPT
records, suggest some uncertainty on proposed levels
of probability, due to the highly subjective nature of the
average values selected and the observation that some
‘liquefaction’ and ‘non-liquefaction’ sites were incor-
rectly classified when using only the Moss et al. (2006)
average values. It is recommended that the near contin-
uous CPT data be used to evaluate various CPT-based
liquefaction methods and not average values that were
subjectively selected. It is also interesting to note that,
to the authors knowledge, none of the more recent
CPT-based methods (i.e. post-Youd et al., 2001) used
the recorded near continuous CPT records from the
case histories to confirm the accuracy of the proposed
new methods.

The Moss et al. (2006) database included 182 case
history results (146 ‘liq’ and 36 ‘non-liq’). However,
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30 cases (23 ‘liq’ and 7 ‘non-liq’) were described
as ‘Class C’ data that were case histories where the
CPT results were obtained using either ‘non-standard
or mechanical cone’ or ‘no friction sleeve data avail-
able’. The Class C data are clearly less reliable than
the rest of the data, especially for methods that make
use of the friction sleeve results in the form of either
friction ratio, Rf (Moss et al., 2006) or soil behav-
ior type, Ic (Robertson and Wride, 1998; Juang et al.,
2003). Robertson and Campanella (1983) showed that
mechanical cone friction sleeve values can be signif-
icantly different from standard electric cone values in
the same soil.

The database, (with Class C data removed) where
liquefaction was observed, had earthquake magnitudes
in the range 5.9 < Mw < 7.7 and vertical effective
stress in the range 15 kpa < σ ′

v < 135 kpa. The
average vertical effective stress in the liquefied layers
was 60 kpa. No liquefaction, based on surface obser-
vations, was considered to have occurred at a depth
greater than 16 m. The average depth for the critical
liquefiable layers was around 5 to 6 m.

All the CPT-based methods (to determine CSR7.5)
typically include corrections for depth (rd), magni-
tude scaling factors (MSF) and overburden correction
factor (Kσ ). The variations in these correction fac-
tors when applied to the database are generally small.
Hence, the database is insufficient to clarify which
correction methods are appropriate for design. Most
methods specify that consistency is required when
applying the methods to design problems (i.e. use
the same correction factors on which the method
was based). This paper uses the correction factors
(rd, MSF, Kσ ) suggested by the NCEER workshop
(Youd et al., 2001), with Kσ = 1.0.

Figure 4 shows a summary plot of the reevaluated
expanded database in terms of CPT results in the form
of CSR7.5 versus normalized cone resistance (Qtn).
The Class C data are not included in Figure 4. Figure 4
includes some case history data where the soil was
not considered to be ‘clean sand’, however, the result-
ing boundary line is unaffected, because the ‘liq’ data
in soils that are not ‘clean sands’ have lower cone
resistance (i.e. located to the left of the boundary line).
The resulting boundary line is often referred to as the
‘clean sand’ boundary line.

Figure 4 also shows some of the most recent pub-
lished correlations superimposed over the updated
database. The comparison in Figure 4 is not strictly
correct, since the various published procedures include
different normalization procedures for the CPT results.
Fortunately, the differences, when applied to the case
history data, are generally small (less than 20%),
since all of the case history data are from sites where
the range in vertical effective stress was small (15 kpa<
σ ′

v < 135 kpa). The various correlations are similar
in the region of maximum data (20 < Qtn < 100).
When Qtn is larger than 100 the correlations differ,

Figure 4. Updated case history database in terms of
CSRM=7.5, σ ′vo=1 vs Qtn (Class C data excluded).

mainly due to the form of the suggested correlations.
Hence, for ‘clean sands’ the baseline correlation to
estimate CRR7.5 from CPT results is reasonably well
established, especially in the region defined by 20 <
Qtn < 100. It is likely that there will be little gained
from further evaluation of current case history data
using average values for clean sands in the form of
CSR7.5 – Qtn plots. It is also recommended that further
fine-tuning of the CRR7.5 relationships using average
values will be ineffective, since the location of the
boundary is sensitive to the judgment used to select
appropriate average in-situ test values. The form of
the relationship controls CRR7.5 for Qtn > 100, since
very little field data exists in this range. The form of the
relationship becomes important when the method is
extended to estimate post-earthquake displacements.

For soils that are not ‘clean sands’, the traditional
approach has been to adjust the in-situ penetration
results to an ‘equivalent clean sand’ value. This evolved
from the SPT-based approach where samples could
be obtained and the easiest parameter to quantify
changes in grain characteristics was the percent fines
content.

Research has clearly shown that fines content alone
does not adequately capture the change in soil behav-
ior. Also, the average fines content of an SPT sample
may not always reflect the variation in grain
characteristics in heterogeneous soils, since it is com-
mon to place the full SPT sample into a container for
subsequent grain size analyses, with resulting mis-
leading ‘average’ fines content. The recent Idriss and
Boulanger (2008) CPT-based approach that
uses only fines content from samples to make adjust-
ments to cone resistance is a retrograde step and is not
recommended.

Several recent CPT-based liquefaction methods use
modified CPT results to estimate clean sand equivalent
values based on either SBT Ic (e.g. Robertson and
Wride, 1998; Juang et al., 2006) or friction ratio, Rf ,
(Moss et al., 2006). Figure 5 shows a summary plot of
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Figure 5. Updated case history database in terms of
CSRM=7.5, σ ′vo=1 vs Qtn,cs (Class C data excluded).

the reevaluated expanded database, in terms of CPT
results in the form of CSR7.5 versus normalized clean
sand equivalent cone resistance (Qtn,cs), based on the
corrections suggested by Robertson and Wride (1998)
using Ic.

Good agreement exists between the expanded
database and the original Robertson and Wride (1998)
CPT-based method.

Figures 6 and 7 show the updated database plot-
ted on the normalized SBTn chart (Qtn – Fr), where
Qtn and Fr were calculated using the method sug-
gested by Zhang et al. (2002) and recently modified
slightly by Robertson (2008). Figure 6 shows the
case history data where 0.20 < CSR7.5 < 0.50.
Figure 7 shows the data where CSR7.5 < 0.20. The
case history database is insufficient to subdivide the
data into smaller divisions in the Qtn – Fr format,
since both are on log scales. Presenting the case his-
tory data, in terms of the full CPT data (Qtn and Fr)
on the SBT chart, provides a different view of the
influence of changing soil type on the correlations.
Superimposed on the SBTn chart are the contours for
CRR7.5 suggested by Robertson and Wride (1998)
in the region where Ic < 2.60. The Class C data
are also included in Figures 6 and 7 but are identi-
fied using a different symbol. The Moss et al. (2006)
corrections using friction ratio (Rf ), appear to be influ-
enced by the questionable Class C data. It is also
interesting to note that, excluding the questionable
Class C data, there are no case histories of observed
‘liquefaction’ based on average CPT values where
Ic > 2.60. It is useful to remember that each data
point, in terms of Qtn and Fr, represents an average
value for the critical layer.

Figure 8 shows the data where CSR7.5 < 0.20
with the correlations suggested by Olsen and Koester
(1995); Suzuki et al. (1995); Robertson and Wride
(1998) and Moss et al. (2006), for comparison. This
format provides a way to compare the different ‘cor-
rection’ factors to adjust CPT results for soil type. The
correlations suggested by Moss et al. (2006) appear

Figure 6. Updated database on SBTn Qtn – Fr chart for
0.20 < CRR7.5 < 0.50 and Robertson and Wride (1998)
contour for CRR7.5 = 0.50 (Ic < 2.60).

Figure 7. Updated database on SBTn Qtn – Fr chart for
CRR7.5 < 0.20 and Robertson and Wride (1998) contour
for CRR7.5 = 0.20 (Ic < 2.60).

to be too conservative at high values of either fric-
tion ratio or Ic. This was partly a result of using the
unreliable Class C data, as well as inappropriate aver-
age values for some key sites, especially the sites
from Whiskey Springs. The correlations suggested
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Figure 8. Comparison of published correlations on SBTn
Qtn – Fr chart for CRR7.5 < 0.20.

by Suzuki et al. (1995) and Olsen and Koester (1995)
appear to be unconservative at high values of Ic, which
was also pointed out by Robertson and Wride (1998).

6.2 Clay-like (cohesive) soils

Since cohesive clay-like soils are not susceptible to
‘liquefaction’, the criteria used to define CRR is defor-
mation, which is often assumed to be a shear strain
of γ = 3%. Since detailed deformation records are
uncommon in many case histories, much of our under-
standing regarding the response of cohesive soils to
earthquake loading derives from undrained cyclic lab-
oratory testing. Fortunately, it is also possible to obtain
high quality undisturbed samples in many clay-like
soils.

Sangrey et al. (1978) showed that fine-grained soils
tend to reach a critical level of repeated loading that
is about 80% of the undrained shear strength (su).
Boulanger and Idriss (2006, 2007) provided a sum-
mary of the response of cohesive soils to cyclic load-
ing. There is a strong link between the cyclic undrained
response of fine-grained soils and their monotonic
undrained response. The monotonic response of fine-
grained soils is generally defined in terms of their peak
undrained shear strength, su. Although the undrained
shear strength is not a unique soil parameter, since
it varies with the direction of loading, it does pro-
vide a simple way to understand the behavior of
cohesive soils and captures many features (e.g. stress

history, age and cementation). During earthquake
loading, the predominant direction of loading is simple
shear; hence, the undrained strength in simple shear
is often the most appropriate parameter to link with
CRR. Since earthquake loading is best defined in
terms of CSR (τcy/σ

′
v), it is appropriate to compare

this with the undrained strength ratio (su/σ
′
v). In sim-

ple terms, if the earthquake imposes a shear stress
ratio that is close to the undrained strength ratio of the
soil, the soil will deform. Since earthquake loading
is rapid and cyclic, the resulting deformations may
not constitute ‘failure’ (i.e. unlimited deformations).
However, shear deformations can be large and tend to
progress during the earthquake. Boulanger and Idriss
(2004) used the term ‘cyclic softening’ to describe the
progression of shear strains during cyclic undrained
loading in fine-grained soils.

Boulanger and Idriss (2004b) presented published
data that showed that, when the CSR ratio approaches
about 80% of su/σ

′
v, deformations tend to become

large. Wijewickreme and Sanin (2007) showed that
the CRR(γ = 3%) in low plastic silts is also controlled
by their peak undrained shear strength ratio (su/σ

′
v).

Although it is common to treat low plastic silts as
‘sand-like’, their CRR is controlled by their undrained
strength ratio. Hence, soft low plastic silts tend to
‘behave’ similar to soft clays, where their response
is controlled by the undrained strength ratio.

Boulanger and Idriss (2007) suggested that the
CRR7.5 (for a shear strain of 3%) could be estimated
using either:

CRR7.5 = 0.8(su/σ
′
vo) (10)

or

CRR7.5 = 0.18(OCR)0.8 (11)

Both methods are equivalent, since Ladd (1991) showed
that:

su/σ
′
vo = 0.22(OCR)0.8 (12)

Boulanger and Idriss (2004b) suggested a further
reduction factor (Kα) to CRR7.5, based on the static
shear stresses existing at the time of the earthquake.
Therefore, the factor of safety against cyclic softening
(3% shear strain), for cases in which the static shear
stresses are small (i.e. Kα = 1.0), can be expressed as:

FSγ=3% = CRRM/CSRM = CRR7.5/CSR7.5 (13)

Boulanger and Idriss (2007) showed that the MSF
for clays is different than that for sands. They also
showed that the CRR7.5 of saturated clays and plastic
silts can be estimated by three approaches:

• Directly measuring CRR by cyclic laboratory test-
ing on undisturbed samples.

• Empirically estimating CRR based on su profile.
• Empirically estimating CRR based on consolidation

stress history (i.e. OCR) profile.
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Boulanger and Idriss (2007) described that the first
approach provides the highest level of insight and con-
fidence, whereas the second and third approaches use
empirical approximations to gain economy. For low
risk projects, the second and third approaches are often
adequate. Based on the work of Wijewickreme and
Sanin (2007) it would appear that the CRR7.5 for soft
low plastic silts can also be estimated using the same
approach.

Robertson (2008) showed that CPT results in fine-
grained soils are influenced primarily by both stress
history (OCR) and soil sensitivity (St) and that the nor-
malized cone resistance (Qtn) is strongly
influenced by OCR and almost unaffected by St,
whereas, the normalized friction ratio (Fr) is strongly
influenced by St and almost unaffected by OCR.
Hence, Robertson (2008) suggested that the peak
undrained shear strength ratio in cohesive soils can
be estimated from:

(su/σ
′
vo) = qt − σvo

σ ′
vo

(1/Nkt) = Qtn/Nkt (14)

when Ic > 2.60 and n ∼1.0)

where Nkt = empirical cone factor with an average
value of 15.

Hence, when Kα = 1.0:

CRR7.5 = 0.8 Qtn/15 = 0.053 Qtn (15)

Alternately, the OCR of clay can be estimated using
(Kulhawy and Mayne, 1990):

OCR = 0.33 Qtn (16)

Hence, when Kα = 1.0:

CRR7.5 = 0.074 (Qtn)
0.8 (17)

For values of Qtn < 10 (i.e. CRR7.5 < 0.5), both
approaches produce similar values of CRR7.5.

Hence, estimates of CRR7.5 can be made from CPT
results using the normalized cone resistance Qtn, since
CRR7.5 is controlled primarily by the peak undrained
shear strength ratio. Note that in clays and silts where
Ic > 2.60, Qtn = Qt1.

6.3 All soils

By combining the Robertson and Wride (1998)
approach for cohesionless sand-like soils with the
Boulanger and Idriss (2007) recommendations for
cohesive clay-like soils, it is possible to provide a sim-
ple set of recommendations to estimate CRR7.5 from
CPT results for a wide range of soils.

The recommendations can be summarized, as
follows:

When Ic ≤ 2.60, assume soils are sand-like:

Use Robertson and Wride (1998) recommenda-
tion based on Qtn,cs = Kc Qtn, where Kc is a

function of Ic. Robertson and Wride (1998) set
a minimum level for CRR7.5 = 0.05.

When Ic > 2.60, assume soils are clay-like where:
CRR7.5 = 0.053 Qtn Kα (18)

Boulanger and Idriss (2007) suggested that, in clay-
like soils, the minimum level for CRR7.5 = 0.17 Kα

for soft normally consolidated soils.
For a more continuous approach, it is possible to

define a transition zone between sand-and clay-like
soils:

When Ic ≤ 2.50, assume soils are sand-like:

Use Robertson and Wride (1998) recommenda-
tion based on Qtn,cs = Kc Qtn, where Kc is a
function of Ic.

When Ic > 2.70, assume soils are clay-like, where:
CRR7.5 = 0.053QtnKα (19)

When 2.50 < Ic < 2.70, transition region:

Use Robertson and Wride (1998) recommenda-
tions based on Qtn,cs = KcQtn, where:

Kc = 6 × 10−7(Ic)
16.76 (20)

The recommendations where 2.50 < Ic < 2.70 rep-
resent a transition from drained cone penetration to
undrained cone penetration where the soils transition
from predominately cohesionless to predominately
cohesive.

Figures 9 and 10 show the proposed combined
relationships for CRR7.5 = 0.5 and 0.2, respectively,
compared to the expanded database. Additional non-
liquefaction data points (28 in total) have been added
from the published case history records. The ‘non-
liquefaction’ points reflect soil layers (predominately
clay-like soils) that did not ‘liquefy’ and did not show
any observable/recorded deformations (i.e. no cyclic
failure). As noted above, the criteria to define CRR7.5
in clay is a shear strain of 3%. Figure 9 includes two
data points (Yalova Harbour and Soccer Field sites,
Kocaeli earthquake, Turkey, 1999) where cyclic soft-
ening may have occurred in the soft clay layer during
earthquake shaking but no significant post-earthquake
deformations within the clay layers were observed or
noted. The lack of observed deformation in the clay
layers at the two sites in Turkey may have been due
to small static shear stresses at the depth of the clay.
Figure 10 includes one data point from the Moss Land-
ing site (Sandholt Rd., Loma Prieta, 1995) where a soft
silty clay (Qtn = 4 to 5, Fr = 3 to 4%) appears to have
been close to cyclic failure and where a small amount
of post-earthquake lateral deformation (approximately
γ = 0.5%) was observed from slope indicator mea-
surements (Boulanger et al., 1995) and where the
CSR7.5 was about 0.25.

Data from three sites (Marina District, Treasure
Island Alameda) with deposits of soft, sensitive San

14

©2009 Taylor & Francis Group, London, UK

  



Figure 9. Proposed relationship to estimate CRR7.5 = 0.50
for a wide range of soils compared to updated database.

Figure 10. Proposed relationship to estimate CRR7.5 =
0.20 for a wide range of soils compared to updated database.

Fransico (SF) young Bay Mud are also identified in
Figure 10. These sites likely experienced a CSR7.5
of about 0.15 during the Loma Prieta earthquake but
showed no reported signs of deformations within the
clay layer. This may have been, in part, due to the
rather small static shear stress at these sites within
the soft clay. The less reliable Class C data have not
been included in Figures 9 and 10.

Boulanger and Idriss (2004) showed that high static
shear stresses in soft clays can initiate cyclic failure
during earthquake loading. They presented results
from sites that experienced ground failure during
the Kocaeli 1999 earthquake in soft clays where the
static shear stresses were high. The above CPT-based
approach to estimate CRR also correctly predicts
ground failure at the sites presented by Boulanger
and Idriss (2004) when Kα < 1.0.

Typically, when Ic > 2.60 the soils are generally
fine-grained and more easily sampled. Therefore, in
this region (Ic > 2.60), selective sampling and labora-
tory testing can be appropriate, depending on the risk
of the project.

7 POST-EARTHQUAKE DEFORMATIONS

Estimating deformations in soils is generally difficult,
due to the non-linear, stress dependent stress-strain
response of soils. Estimating deformation after earth-
quake loading is more difficult, due in part to the
complex nature of earthquake loading and the role of
soil stratigraphy and variability.

Idriss and Boulanger (2008) present a summary
of alternate approaches to estimating post-earthquake
deformations depending on the risk and scope of the
project. For low to moderate risk projects it is common
to estimate post-earthquake deformations by estimat-
ing strains and then integrate those strains over depth
to estimate deformation. The estimated deformations
may also be empirically adjusted on the basis of cal-
ibration to case history observations. For high risk
projects it is appropriate to perform complex non-
linear dynamic numerical analyses if initial screening
indicates a need.

7.1 Vertical settlements due to reconsolidation

Post-earthquake vertical displacements can develop
in two ways: (1) settlement caused by reconsolida-
tion, and (2) vertical displacement caused by shear
deformation associated with lateral deformation. This
section addresses only settlements caused by recon-
solidation.

7.1.1 Volumetric strains—cohesionless sand-like
soils

Post-earthquake reconsolidation volumetric strains
are generally estimated using relationships derived
primarily from laboratory studies. Methods are then
evaluated using case history observations. One of the
primary laboratory studies used is that by Ishihara and
Yoshimine (1992) for cohesionless soils. Ishihara and
Yoshimine (1992) observed that volumetric strains of
sand samples were directly related to the maximum
shear strain during undrained cyclic loading and to
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the initial relative density of the sand. Ishihara and
Yoshimine (1992) showed that when FSliq > 1 some
shear and volumetric strains still occur and that as
the FSliq decreases (FSliq < 1), shear and volumetric
strains increase but reach maximum values depend-
ing on the relative density. When FSliq < 1.0, loose
cohesionless soils have reached zero effective stress
with a loss of structure/fabric, the stiffness of the soil is
then very small during reconsolidation that can result
in large volumetric strains.

Zhang et al. (2002) coupled the Robertson and
Wride (1998) CPT-based method using clean sand
equivalent values to determine FSliq with the Isihahara
and Yoshimine (1992) volumetric strain relationships,
to provide a method to estimate the post-earthquake
vertical reconsolidation settlements. Zhang et al. (2002)
evaluated the approach using case history observations
and showed that the approach provided reasonable
predictions of settlements, although details on site
geometry and soil stratigraphy play an important role.
Since most cohesionless soils have relatively high
permeability, the post-earthquake reconsolidation set-
tlements occur relatively soon after the earthquake,
but depend on soil stratigraphy and drainage.

7.1.2 Volumetric strains—cohesive clay-like soils
Factors affecting vertical (1-D) settlement caused by
post-earthquake reconsolidation of clay layers are dis-
cussed in Ohara and Matsuda (1988), Matsuda and
Ohara (1991) and Fiegal et al. (1998). The limited
laboratory data indicate that reconsolidation volu-
metric strains are controlled primarily by the max.
shear strain which is function of the factor of safety
(FSγ=3%) and stress history (OCR) of the soil. Dur-
ing undrained cyclic loading, pore pressures develop
that result in a decrease in effective confining stress.
However, the effective stresses generally do not reach
zero and the soil retains some structure and stiff-
ness. Wijewickreme and Sanin (2007) showed that,
on average, for a wide range of fine-grained soils,
when FSliq = 1 the excess pore pressure represents
about 80% of the effective confining stress
(i.e. �u/σ ′

vo = ru = 0.8). Volumetric strains occur
as the soil reconsolidates back to the in-situ effective
confining stress. The volumetric strains in cohesive
soils during reconsolidation after earthquake loading
are generally much smaller than those observed in
cohesionless coarse-grained soils because cohesive
soils retain some level of stiffness during reconsol-
idation. Case history field observations have also
shown that post-earthquake settlements, due to recon-
solidation, are generally small at sites with thick
deposits of cohesive soils. For example, the San
Fransico Bay area in California has extensive thick
deposits of soft (young) Bay Mud (essentially nor-
mally to lightly overconsolidated clay) but very few
observations of measurable post-earthquake settle-
ments within the clay deposits were made following

the Loma Prieta earthquake. The re-evaluation of
post-earthquake reconsolidation settlements at the
Marina District, Treasure Island and Moss Landing
sites following the Loma Prieta earthquake and sites
in Taiwan following the Chi-Chi earthquake, sug-
gest an average volumetric strain of less than 1% in
fine-grained soils.

Volumetric strains for cohesive soils can be estimated
using the 1-D constrained modulus, M, and the change
in effective stress due to the earthquake loading where,

εvol = (�σ ′
v/M) (21)

�σ ′
v = ruσ

′
vo (22)

The buildup in pore pressure and hence, change in
effective stress, is a function of the factor of safety
(FS) and the OCR of the soil. Laboratory test results
indicate that ru is a function of FS. When FS = 1.0,
ru = 0.8 and when FS = 2, ru = 0. Assuming a
linear relationship between FS and ru and an inverse
relationship with OCR gives:

ru = [0.8 − 2.66 log (FS)]/OCR (23)

where: ru </ = 1.0, when FS = 0.84
Kulhawy and Mayne (1990) showed that OCR can

be estimated from the CPT using:

OCR = 0.33 Qtn (24)

Hence,

�σ ′
v = [0.8 − 2.66 log (FS)] σ ′

vo/0.33 Qtn (25)

Assuming the 1-D constrained modulus during
reconsolidation is generally larger than the initial
constrained modulus estimated from the CPT:

M = A MCPT (26)

The 1-D constrained modulus estimated from the
CPT is equivalent to the modulus from the in-situ
stress to a higher stress, whereas during reconsolida-
tion the cohesive soil has become overconsolidated
due to the decrease in effective stress and the recon-
solidation modulus is stiffer. For soft normally con-
solidated cohesive soils the reconsolidation stiffness
is about 10 MCPT. Whereas, in stiff overconsolidated
cohesive soils, the reconsolidation stiffness is approxi-
mately equal to MCPT. Therefore, assume that A varies
with OCR as follows:

A = 10 − 9 log (OCR) (27)

Since OCR = 0.33 Qtn

A + 10 − 9 log (0.33 Qtn) (28)

Robertson (2008) showed that in soft clays:

MCPT = (Qtn)
2σ ′

vo (29)

Hence:

εvol = [0.8 − 2.66 log (FS)]/[0.33A(Qtn)
3] (30)

When FS ≤ 0.84 set ru = 1.0 & limit εvol ≤ 1%.
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The above procedure provides an approximate
estimate of the post-earthquake reconsolidation
volumetric strains in clay-like soils based on CPT
results. The re-evaluation of the expanded case history
database shows good agreement between observed
post-earthquake settlements and those calculated using
the Zhang et al. (2002) CPT-based method with the
continuous CPT records incorporating the above
method to estimate volumetric strains in clay-like soils.

7.2 Lateral displacements due to shear deformation

7.2.1 Shear strains—cohesionless soils
Zhang et al. (2004) coupled the Robertson and Wride
(1998) CPT-based method to determine FSliq with
the Isihahara and Yoshimine (1992) maximum shear
strain relationships to provide a method to estimate the
post-earthquake lateral displacement index (LDI).
Zhang et al. (2004) used case history observations
to modify the LDI based on ground geometry to esti-
mate actual lateral displacements. Zhang et al. (2004)
evaluated the approach using case history observations
and showed that the approach provided reasonable pre-
dictions of settlements. Chu et al. (2007) showed that
the Zhang et al. (2004) CPT-based method provided
reasonable but generally conservative estimates of lat-
eral displacements from the 1999 Chi-Chi (Taiwan)
earthquake. Chu et al. (2007) also showed that shear
strains at a depth more than twice the height of the free
face should not be included in the method, since static
shear stresses are likely too small to contribute to the
lateral deformation.

7.2.2 Shear strains—cohesive soils
The potential for shear deformations or instability in
clay-like cohesive soils depends heavily on the static
shear stresses (which can be captured via Kα) and the
sensitivity of the soil.

Boulanger and Idriss (2004) have shown that high
static shear stresses in soft clays can initiate high
shear strains during earthquake loading. The CPT-
based approach described here captures the decrease
in FS in clay-like soils when an appropriate value of
Kα is used.

If clays are sensitive and show significant strain
softening in undrained shear (i.e. high sensitivity, St),
strength loss can lead to significant deformations and
instability. Boulanger and Idriss (2007) stated that
the magnitude of strain, or ground deformation, that
will reduce the clay’s undrained shear strength (su)
to its fully remolded value (sur) is currently diffi-
cult to assess, but it is generally recognized that it
would require less deformation to remold very sensi-
tive clays than more ductile relatively insensitive clays.
Based on the assumption that the CPT sleeve friction
(fs) measures the remolded shear strength of the soil

(i.e. sur = fs), it is possible to estimate the sensitivity
of clays using CPT results (Robertson, 2008); where:

St = su/su(r) = 7.1/Fr (31)

It is also possible to estimate the remolded undra-
ined shear strength ratio (sur/σ

′
vo) using (Robertson,

2008):

sur/σ
′
vo = fs/σ

′
vo = (Fr · Qtn)/100 (32)

As soil sensitivity increases, CPT data moves to the
left on the Qtn – Fr SBTn chart, as Fr decreases with
increasing St.

In a general sense, the FS(γ = 3%) is controlled by
the OCR and peak undrained shear strength of the
clay (i.e. Qtn, equation 18) whereas the potential for
strength loss and large deformations is controlled by
the sensitivity of the clay (i.e. Fr, equation 31).

8 EVALUATION OF POST-EARTHQUAKE
DEFORMATIONS USING CASE HISTORY
OBSERVATIONS

Zhang et al. (2002; 2004) showed that CPT results
could be used to provide reasonable estimates of post-
earthquake reconsolidation settlements and lateral
spread deformations. However, at that time there were
limited case history records that had CPT profiles. The
earthquakes in Turkey and Taiwan in 1999 have now
added to the case history records with CPT profiles
and recorded deformations. The following is a brief
summary of a comparison between shear deformations
observed at sites in Taiwan and Turkey and those pre-
dicted using the Zhang et al. (2004) CPT-based method
but with the updates described in this paper. Four sites
experienced lateral spreading during the Kocaeli earth-
quake, Turkey in 1999, namely: Police Station, Soccer
Field, Yalova Harbour and Degirmendere Nose sites.
Several sites also experienced lateral spreading during
the Chi-Chi earthquake in Taiwan in 1999. As noted
earlier the sites at Yalova Harbour and Soccer Field
have deposits of soft clay that would be predicted to
have been close to cyclic failure, but appear to have had
little influence on the lateral spread deformations due
to the low static shear stress at the depth of the soft clay.
Hence, these sites do not assist in our estimate of prob-
able post-earthquake shear strains in clays. Figure 11
shows a summary of the predicted post-earthquake
lateral displacements compared to the measured lat-
eral displacements at the sites in Turkey and Taiwan
based on the Zhang et al. (2004) CPT-based method
with the updates described in this paper. The updated
CPT-based method to estimate liquefaction and cyclic
softening appears to provide reasonable estimates of
lateral deformations.

The updated CPT-based method, including the addi-
tion for estimating cyclic softening in clay-like soils,
was used to re-evaluate the available case history
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Figure 11. Measured post earthquake lateral displacements
compared to predicted values using Zhang et al. (2004)
CPT-based method.

CPT records and showed that clay-like soils gener-
ally play a minor role in almost all the available case
history records. Although some clay-like soils likely
experienced some cyclic softening during the earth-
quake, they generally appear to contribute little to
the observed deformations, except the few cases where
high static shear stresses contributed to ground failure
(Boulanger and Idriss, 2004). In a general sense, cyclic
softening and ground failure during seismic loading
for clay-like soils is confined to soft, normally to
lightly overconsolidated and/or sensitive fine-grained
soils.

9 SUMMARY

This paper has presented an update of the Robertson
and Wride (1998) CPT-based method to evaluate
both liquefaction and cyclic softening in cohesionless
and cohesive soils. Case history records have been
carefully reviewed to re-evaluate the CPT-based method.
Where possible, the near continuous CPT records have
been used in the re-evaluation. The original Robertson
and Wride (1998) method has been updated using a
new stress normalization procedure that captures the
change in soil response with increasing overburden
stress and avoids the need for the Kσ correction for
high overburden stresses. A transition zone detection
feature has also been included to identify zones where
the near continuous CPT data may incorrectly inter-
pret soil type, due to rapid variation at soil boundaries.
The method has also been extended to include cohe-
sive clay-like soils using the concepts described by
Boulanger and Idriss (2004). The extension into the
clay-like region avoids the need for a SBTn Ic cut off
to separate sand-like from clay-like soils.

Figure 12 presents a summary of the CPT SBTn
Qtn – Fr chart to identify zones of potential liquefac-
tion and/or cyclic softening. The chart in Figure 12

Figure 12. CPT Soil Behavior Type (SBTn) chart for
liquefaction and cyclic softening potential.

can be used as a guide for the choice of engineer-
ing procedures to be used in evaluating potential
deformation and strength loss in different types of
soils during earthquakes. Zones A1 and A2 corre-
spond to cohesionless or sand-like soils for which it
is appropriate to use existing CPT case-history based
liquefaction correlations. Soils in Zones A1 and A2 are
both susceptible to cyclic liquefaction, while the looser
soils in zone A2 are more susceptible to substantial
strength loss. Zones B and C correspond to cohesive
or clay-like soils for which it is more appropriate to
use procedures similar to, or modified from, those
used to evaluate the undrained shear strength of clays
(e.g., field vane tests, CPT, and shear strength tests on
high-quality thin-walled tube samples). Soils in Zones
B and C are both susceptible to cyclic softening (e.g.
accumulation of strains if the peak seismic stresses are
sufficiently large), but the softer soils in Zone C are
more sensitive and susceptible to potential strength
loss. For moderate to high risk projects, undisturbed
sampling of soils in Zones B and C is recommended
to determine soil response, since soils in these zones
are more suitable for conventional sampling and lab-
oratory testing. Loose, saturated, non-plastic silts
often fall in Zone C, however, their CRR is strongly
controlled by undrained shear strength and the meth-
ods described for clay-like soils also apply. However,
the resulting shear and volumetric strains should be
evaluated based on either, undisturbed sampling and
laboratory testing for moderate to high risk projects,
or, assumed conservative values for low risk projects.
For low risk projects, disturbed samples should be
obtained for soils in Zones B and C to estimate if the
soils will respond either more sand-like or clay-like,
based on Atterberg Limits and water content.

The CPT is a powerful in-situ test that can provide
continuous estimates of the potential for either lique-
faction or cyclic softening and the resulting
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post-earthquake deformations in a wide range of soils.
However, the CPT-based approach is a simplified
method that should be used appropriately depend-
ing on the risk of the project. For low risk projects,
the CPT-based method is appropriate when combined
with selective samples to confirm soil type as well as
conservative estimates of soil response. For moderate
risk projects, the CPT-based method should be com-
bined with appropriate additional in-situ testing, as
well as selected undisturbed sampling and laboratory
testing, to confirm soil response, where thin-walled
tube sampling is generally limited to fine-grained
soils in Zones B and C. For high risk projects, the
CPT-based method should be used as an initial screen-
ing to indentify the extent and nature of potential
problems, followed by additional in-situ testing and
appropriate laboratory testing on high quality samples.
Advanced numerical modeling is appropriate for high
risk projects where initial screening indicates a need.

Cohesionless soils (A1 & A2)—Evaluate potential
behavior using CPT-based case-history liquefaction
correlations.

A1 Cyclic liquefaction possible depending on level
and duration of cyclic loading.

A2 Cyclic liquefaction and post-earthquake strength
loss possible depending on loading and ground
geometry.

Cohesive soils (B & C)—Evaluate potential behavior
based on in-situ or laboratory test measurements or
estimates of monotonic and cyclic undrained shear
strengths.

B Cyclic softening possible depending on level and
duration of cyclic loading.

C Cyclic softening and post-earthquake strength
loss possible depending on soil sensitivity, loading
and ground geometry.
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Performance of foundation ground in Kashiwazaki-Kariwa
Nuclear Power Station during 2007 Chuetsu-Oki earthquake

T. Kokusho
Civil Engineering Department, Chuo University, Tokyo, Japan

ABSTRACT: The Kashiwazaki-Kariwa NPS located near the focal region of the 2007 Niigataken-Chuetsu-Oki
earthquake (MJ = 6.8) was attacked by a fierce seismic motion which far exceeded the design motion. All
the reactors stopped safely without major release of radioactive materials. The seismic effect on important
nuclear facilities embedded directly on rock was limited, while backfill soils around them suffered considerable
settlement of more than 1 m. Strong ground motions were recorded by a number of seismometers deployed
in the NPS, including a down-hole array which clearly indicated soil nonlinearity effect in surface soil layer.
In this paper, time histories, response spectra and Fourier spectrum ratios of the recorded motions are shown
and their characteristics are discussed. Then, soil properties exhibited during the earthquake are back-calculated
to indicate a great degree of strain-dependent nonlinearity in sand dune layers. Based on the results, seismic
wave energy propagating upward is quantified. Finally, geotechnical performance of building foundations and
surrounding ground is explained focusing on large settlement of the backfill soils including the soil properties,
indicating the great impact of the seismic motion. Considering the damage caused by the subsidence, criteria
for geotechnical performance specifically for NPS is discussed.

1 INTRODUCTION

During recent earthquakes, more and more strong
seismic records have been obtained. Table 1 shows rep-
resentative high values of peak ground accelerations
(PGA) and peak ground velocities (PGV) recorded in
seismometers during major earthquakes in the past 7
decades.

Fig. 1 illustrates the plots of PGA and PGV versus
the years of earthquakes based on Table 1. For PGA
of Fig. 1(a) in particular, it is quite interesting that
the acceleration gets higher and higher as years go by.
The PGA over 1 G, which used to be inconceivable 3 or
4 decades ago and was embarrassing first found in the
Pacoima dam record during the 1971 San Fernando
earthquake, is now getting quite common and fur-
ther increasing beyond 2.5 G. Quite probably, recent
high-density deployments of strong motion seismome-
ters in high-seismicity countries/areas have enabled
the detection of near-source ground motions (possibly
site-dependent anomalies too), which used to be over-
looked in old times. In parallel with that, the values
of PGV are also increasing as depicted in Fig. 1(b),
and those exceeding 100 m/s have been observed
quite often in several events since 1994 Northridge
earthquake.

It should be pointed out that the high accelerations
in recent earthquakes did not necessarily result in high
structural or geotechnical damage. For instance, dur-
ing the 1971 San Fernando earthquake earthquake
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Figure 1. Variation of PGA (a) and PGV (b) recorded by
seismometers in years since 1940.
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Table 1. Maximum acceleration and velocity in strong motion records in past 7 decades.

Year Earthquake
(M) (Depth) Observation site Epicenter distance: e

Hypocenter distance: R

Maximum
Acceleration
(gal = cm/s2 )

Maximum
Velocity
(cm/s)

1940
 Imperial Valley EQ. (USA)

 (MS = 7.1) El Centro 342

1952
Kern County EQ. (USA)

 (MS = 7.7) 155Taft

1968
Tokachi-Oki EQ.

(MJ = 8.0)

1971
 San Fernando EQ. (USA)

 (MS = 6.6) ( 8 km ) Pacoima Dam

Pacoima Dam

e 58

1978
 Miyagiken-Oki EQ.

(MJ = 6.8) Kaihoku Bridge 287

Corralitos e =  7 km, R = 19 km

Capitola-Fire Station e  =  9 km, R = 20 km

 = 20 kmTarzana e =  5 km, R 110

R  = 19 km

 = 19 km

JMA-Kobe NS e  =  17 km, R 90

JR-Takatori  EW e  =  11 km, R 124

Port Island
 (GL-83.4 m: NS) e  = 18 km, R = 24 km

Adapazari(Sakarya) EW e  =  7 km, R 48

Duzce NS e  =  15 km, R  = 23 km

TCU065 EW e  =  27 km, R  = 28 km

TCU084 EW e  =  9 km, R = 11 km

TCU0129 EW e  =  14 km, R = 16 km

Hiroo k-net EW e  =  85 km, R = 96 km

Makubetsuchou JMA EW
e  =  139 km
R = 146 km 32

Ojiya k-net EW e  =  7 km, R  = 15 km

Kawaguchi JMA EW e  =  3 km, R = 13 km 1637 148

Tokamachi k-net NS e  =  21 km, R =  25 km 1715 55

Wajima JMA NS e  =  27 km, R

R

  =  29 km 94

Wajima K-net NS e  =  28 km, 519 39

Anamizu K-net EW e  =  20 km, R 98

Kashiwazaki K-net NS e  =  21 km, R

= 23 km

665 109

Kashiwazaki-Kariwa NPP
Service Hall PEW  (GL-99.4 m) e  =  16 km, R = 23 km 646 65

Higashi-Naruse kik-net EW e  =  21 km,  R 75

Ichinoseki-Nishi kik-net EW e  =  3 km, R = 8 km 1434 62

Ichinoseki-Higashi kik-net EW e  =  13 km, R = 15 km 1053 45

1989
 Loma Prieta EQ. (USA)

 (MS = 7.1) ( 18 km )

 North Ridge EQ. (USA)
(Mw = 6.7) ( 19 km )1994

2004

2007

2007

2008

1995

1999

1999

2003

 Niigataken Chuetsu EQ.
 (MJ = 6.8) ( 13 km )

Noto Hanto EQ.
(MJ = 6.9) (11 km ) 

Niigataken Chuetsu-Oki EQ.
 (MJ = 6.8) ( 17 km )

 Iwate-Miyagi Nairiku EQ.
 (MJ = 7.2) ( 8 km )

 Hyogoken Nambu (Kobe) EQ.
(MJ = 7.2) ( 16 km )

Kocaeli (Turkey)
(MS = 7.8) ( 18 km )

 Chi-Chi (Taiwan)
(MS = 7.6) ( 7 km )

Tokachi-Oki EQ.
(MJ = 8.0) ( 45 km )

Hachinohe Harbor

1055= 11 km

620 55

460 36

1780

1500

656

 = 23 km 818

679 59

398= 19 km

374 54

110797

1151133

54995

970 49

875

1311 125

225

2448

463

782= 22 km

= 30 km

 = 27 km

in USA, the acceleration (PGA) of 1 G and 1.8 G
measured in Pacoima dam and in Tarzana, respectively,
did not make significant structural damage in the sur-
rounding area. During the 2004 Niigataken Chuetsu
earthquake in Japan, PGA of 1.7 G in Tokamachi again
did not produce so much damage as anticipated. Other
than these, there are quite a few similar cases where no
significant damage occurred under PGA larger than
1 G. It indicates that the acceleration may not be a
proper parameter to govern the deterioration of struc-
tures or soils if it is used alone without referring to
other parameters such as particle velocity or seismic
wave energy (Kokusho et al., 2007).

Recent strong motion records also indicate signif-
icant spectral characteristics which may have strong

impact on seismic damage. Figs. 2(a) and 2(b) sum-
marizes acceleration and velocity response spectra
(5% damping ratio), respectively, of strong motion
records obtained in near-source stations. Note that, in
many of the acceleration spectra of destructive earth-
quakes (i.e., 1995 Kobe, 1999 Chi-Chi, 2004 Chuetsu,
2007 Chuetsu-Oki) peak frequencies are relatively low
(around 1 Hz). It is interesting that some earthquakes
which show very high response accelerations in fre-
quencies much higher than 1 Hz did not inflict heavy
structural damage as exemplified in Hiroo during the
2003 Tokachi-Oki EQ. and also in Higashi-Naruse
during the 2008 Iwate-Miyagi Nairiku EQ.

In accordance to that, the velocity spectra of many
destructive earthquakes have very high peaks at periods

22

©2009 Taylor & Francis Group, London, UK

  



0.1 1 10
0

200

400

600

800

D = 5%

 R
es

po
ns

e 
ve

lo
ci

ty
  (

cm
/s

)

Period (s)
0.1 1 10

0

2000

4000

6000

8000
(a) Acc. Resp. Spec.

D = 5%
R

es
po

ns
e 

ac
ce

le
ra

tio
n 

 (
ga

l)

Period (s)

(b) Vel. Resp. Spec.

95 Kobe JMA NS
95 Kobe JR TKS NS
99 Kocaeli Ad. EW
99 Chi-Chi 084 EW
03 Tokachi Hr. EW
04 Kawa. JMA   EW
04 Ojiya Knet  NS
07 Wajima JMA  EW
07 Kashi. Knet NS
07 NPP SH GL-2.4 EW 
08 Hi.Naruse EW 

Figure 2. Response spectra of Acceleration (a) and Velocity (b) of strong ground motion records.

around 1 s or longer. At JR Takatori specifically where
numerous human lives were lost during the 1995
Kobe earthquake due to collapse of old wooden houses,
the peak period was about 2 s and the peak response
velocity was as high as 400 cm/s. The 1999 Chi-Chi
earthquake in Taiwan causing devastation in build-
ings, slopes, etc. show the peaks exceeding 400 m/s
at 1–2 seconds. At Kawaguchi during the 2004
Niigataken Chuetsu earthquake which triggered sev-
eral thousands of failures in natural slopes and emb-
ankments, the peak period was around 2 s and the
response velocity was as high as 500 cm/s. At 2 near-
source sites during the 2007 Chuetsu-Oki earthquake,
which will be discussed in detail later, the peak periods
are longer than 2 s with peak velocities 400–500 m/s.

Thus, the recent dramatic increase of PGA and
PGV urges us to revaluate how to design new build-
ings and new civil structures properly and also how to
retrofit existing structures particularly from the view-
point of their performance during design earthquakes.
One of the major challenges for geotechnical engine-
ers in particular is to shift from the force-equilibrium
concept based on acceleration or its modified seismic
coefficients to the deformation-energy concept based
on time/spectrum-domain calculations.

With the considerable increase of PGA in highly
seismic areas, many of the conventional design sche-
mes based on the force-equilibrium are not realistic
and intolerable in terms of economy. If high PGA
is directly used for stability calculation of structures,
slope stability evaluations or liquefaction susceptibil-
ity evaluations of foundation soils, the solution is not
allowable in many cases.

More and more numerical analyses incorporating
time-histories of input seismic motions and strong
nonlinear response of soils are already in practical use.
It is preferable for such numerical tools to be as simple
as possible so that it can capture the essential aspect

of seismic behavior without employing too many
parameters. However, uncertainties involved in such
analytical methodologies seems to become enormous
as seismic input motions get stronger and soil nonlin-
earity gets greater. What we need in judging their reli-
ability and how to choose appropriate values for input
parameters is a sort of benchmark case histories with
well-documented geotechnical and seismic condi-
tions. ‘‘Case History Volume for Performance-Based
Design in Earthquake Geotechnical Engineering’’
published by TC4, ISSMGE, during the International
Conference IS-Tokyo 2009 aims to serve as such ben-
chmarks for geotechnical engineers and researchers.

With what has been mentioned above as a back-
ground, a performance of a nuclear power station
(NPS) which experienced one of the strongest seismic
shaking during recent earthquakes and unexpected
geotechnical damage there is addressed in this paper.
Dynamic ground response and soil subsidence due to
immensely strong ground motions and their impact on
the performance of the NPS will be discussed.

First, strong motion records obtained by a set of
accelerometers installed in the NPS are incorporated
to characterize ground motions and soil response. Ver-
tical array records in the site are back-calculated to
optimize soil properties and to examine the degree of
soil nonlinearity exhibited during the earthquake. Fur-
thermore, seismic wave energy is evaluated based on
the records and the back-calculated properties to char-
acterize the incident wave of the earthquake in terms
of energy. Next, the effect of the seismic motion on the
NPS is addressed focusing on the subsidence of the
backfill soils. Soil investigations carried out after the
earthquake are reviewed and the cause of the subsi-
dence and associated structural damage are discussed.
Finally, based on this case history, performance criteria
for such critical facilities as NP stations are considered
from a geotechnical engineering point of view.
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2 NIIGATAKEN CHUETSU-OKI
EARTHQUAKE

2.1 Earthquake and nuclear power plant

The Niigataken Chuetsu-Oki earthquake (MJ = 6.8),
which occurred in July 16, 2007 along the coast of
Sea of Japan, attacked a relatively narrow region
encompassing Kashiwazaki city and Kariwa village of
Niigata prefecture with very strong intensity of shak-
ing. Although the epicenter was about 10 kilometers
off the coast, the fault rupture (the reverse thrust with
the strike N 30◦ E) seems to have reached inland.

Fig. 3 is the satellite photograph of the area strongly
affected by the earthquake. The Kashiwazaki-Kariwa
Nuclear Power Station (KK-NPS), the largest capac-
ity NPS in the world with 7 reactors belonging to
Tokyo Electric Power Company (TEPCO), was situ-
ated in the focal area along the coast and about 6 km
far from the center of Kashiwazaki city. It experienced
strong shaking exceeding the design acceleration spec-
tra by 2–3 times at the maximum. Despite that, all
the nuclear reactors during operation were stopped
safely and cooled down without significant leakage of
radioactive materials. In a good contrast to that, con-
siderable settlement occurred in backfill soils placed
around important buildings (embedded on bedrock),
buried conduits and pipes, causing damage in facili-
ties not critical in terms of nuclear safety. The seismic
design of these non-nuclear facilities was regulated in
accordance to conventional criteria for general civil
engineering structures.

Strong motion records were obtained by a set of
accelerometers installed at the ground surface and in
deeper levels in the NPS site. Besides those, a K-net
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Figure 3. Damaged area along the coast of Sea of Japan
(from Google Map).

station near the center of Kashiwazaki city which had
been deployed by NIED (National Research Institute
for Earth Science and Disaster Prevention in Tsukuba,
Japan) obtained the record at the ground surface. The
surface soil layer of the K-net site consists of relatively
dense dune sand of about 18 m thick followed by Pleis-
tocene stiff clay of 45 m thick, which are underlain
by Tertiary mudstone. Fig. 4 shows the acceleration
time histories of the K-net Kashiwazaki in EW and NS
directions. A very peculiar shape of waves can be rec-
ognized in the acceleration, which presumably reflects
the cyclic mobility of saturated sand sheared by seis-
mic wave in undrained condition, indicating that the
dune sand was not loose enough to fully liquefy there.

Fig. 5 shows a plan view of the KK-NPS with the
area of about 3 km by 1.5 km, in which 7 units of
the power station (5 Boiled Water Reactors and 2
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Figure 4. Acceleration records of K-net at Kashiwazaki
city showing cyclic mobility.
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Figure 5. Plan view of Kashiwazaki-Kariwa NPS having
7 Units of power stations with installed accelerometers and
vertical arrays.
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Figure 6. Geological cross section of 7 RB buildings embedded on bedrock in Kashiwazaki-Kariwa NPS.

Advanced Boiled Water Reactors) are situated along
the coast. Each unit consists of a reactor building (RB)
on the inland side and a turbine building (TB) on the
seaside. Fig. 6 shows the typical geological profile of
the 7 units. The geological setting of the site is basi-
cally the same in this area including the Kashiwazaki
K-net and consists of dune sand at the top underlain
by Pleistocene soil and Tertiary mudstone. Nuclear-
related important facilities, such as reactor buildings
(RBs) and turbine buildings (TBs), were all embed-
ded directly on the Tertiary rock and backfilled by the
dune sands.

2.2 Earthquake records

The accelerometers had been installed at many loca-
tions in the NPS, on the ground surface, in bore-
holes and inside the buildings, though not all of them
could record the time history of the main shock. All
accelerometers plotted in Fig. 5 are 3-dimensional,
EW, NS and UD, though the horizontal directions are
not the true EW/NS directions but modified by 19
degrees according to the plant alignment (named here
as PEW/PNS) as shown in Fig. 5. It should be pointed
out that the ground motion was obviously larger in
the PEW direction than in the PNS direction presum-
ably due to the fault rupture mechanism. Also noted is
that the motions of Units 1–4 were apparently larger
than those of Units 5–7 which are located by 1 km
north. The measured spectra exceeded corresponding
design spectra in all the units as already mentioned,
although no significant damage occurred with respect
to nuclear safety of critical facilities (Sakai et al.,
2009). It was also found that the maximum accel-
erations on the RB foundations were greater than
those given by empirical equations previously pro-
posed on the PGA attenuation with distance (Sakai
et al., 2009).

There were multiple down-hole vertical arrays
deployed in the site to monitor the seismic ampli-
fication in the ground. In the arrays indicated in Fig. 5
near Unit 1 (about 100 m apart) and Unit 5 (about
200 m apart), the acceleration time histories of the
main shock were unfortunately lost but its maximum
values (Amax) could be retained. Variations of Amax-
values for the two arrays are shown in Figs. 7(a)

and 7(b) along the ground depth for PEW and PNS
directions and compared with those of aftershocks. In
the same charts, the soil profiles, S-wave velocities
(Vs) and the installation depths of accelerometers are
also depicted. For both arrays, the top 20–30 m is
Pleistocene deposits underlain by the Tertiary mud-
stone base rock. Note that the acceleration was as high
as 1 G at the depth of 250 m and evidently deampli-
fied in the surface soil layer, quite different from the
aftershocks, presumably due to soil nonlinearity near
Unit 1. In contrast to that, the Amax-value near Unit 5
was comparatively smaller (about 0.4 G) in the base
rock and amplified in the surface layer in the same
manner as the aftershocks.

The array at Service Hall (shown in Fig. 5) dis-
tant from the power units and on the top of a sand
dune was only one which could successfully record
the down-hole acceleration time histories. In the next
section, the records will be analyzed in detail to discuss
how the foundation soil of the NPS behaved during
strong shaking.

3 ANALYSIS OF VERTICAL ARRAY
RESPONSE AND SOIL PROPERTIES

3.1 Vertical array records

The vertical array installed at Service Hall (SH) con-
sists of 4 down-hole accelerometers at the depth of
GL-2.4 m, GL-50.8 m, GL-99.4 m and GL-250 m as
depicted in Fig. 8. The top 2 are in the sand dune layer
of 83 m thick and the bottom 2 are in the Tertiary
mudstone. The water table is judged to be at GL-45 m
because the P-wave velocity shown in the figure jumps
from 650 m/s to the value exceeding VP = 1500 m/s,
there.

Fig. 9 shows the acceleration response spectra in
the two horizontal directions near the ground surface
(GL-2.4 m) at the vertical array, which are compared
with those of the K-net records. The peak periods are
about 2 seconds, indicating a great contribution of long
period motions to the shaking. The spectra in the two
sites about 6 km far look similar as a whole, but if the
spectrum of the Service Hall and that of the K-net are
compared, the former is larger in the period longer than
around 0.5 s. This may reflect the dynamic response
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Figure 7. Maximum acceleration along depth for vertical arrays near Unit 1 (a) and Unit 5 (b).

of sand dune soils of Service Hall much thicker than
the K-net site as will be mentioned later.

Acceleration time histories at the 4 levels in PEW
direction during the main shock are shown in Fig. 10.
Note that the recorded motions at the ground surface
here show no indication of cyclic mobility unlike the
K-net record shown in Fig. 4. The greater depth of
the ground water table at the Service Hall than at the
K-net may be one of the reasons.

Corresponding acceleration response spectra for
D = 5% are shown in Fig. 11(a), indicating that the
long period motion of T > 0.5 s tends to amplify in
the interval of 250 m thick, whereas the motion shorter
than that clearly deamplify in the soil layer. The veloc-
ity response spectra for D = 5% of PEW direction in
Fig. 10(b) indicate that the peak period is longer than
2 s and the peak value is considerably amplified from
the bottom to the top. The similar trend can be recog-
nized also in the spectra in the PNS direction shown
in Figs. 11(c) and (d).

The down-hole distributions of maximum accelera-
tion and maximum velocity in the horizontal direction
are depicted in Fig. 12. In accordance to the char-
acteristics in the response spectra in Fig. 11, a clear
trend of deamplification in acceleration in contrast to
amplification in velocity can be seen.

Fourier spectrum ratios were calculated between
the surface motion (at GL-2.4 m) and the down-hole
motions of deeper levels. The Parzen window of 0.3 Hz
is used in calculating the Fourier spectra. Figs. 13(a)
and 13(b) exemplify those between the surface and
GL-99.4 m for the PEW and PNS directions, respec-
tively. In the charts, not only the main shock but also
8 small shocks before the main shock are shown with
the curves of average ± standard deviation. An obvi-
ous difference in the amplification can be recognized
between the two types of shocks. The frequency of the
first peak in the spectrum ratio tends to be lower in the
main shock, and the higher order peaks clearly identi-
fied in the small shocks become obscure in the main
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shock. These differences may be largely attributable
to strain-dependent soil properties in the layers above
the mudstone bedrock.

Also noted is the comparison depicted in Fig. 14
between the 8 small shocks before the main shock
(maximum acceleration at GL-2.4 m is 1–19 gal)
and 5 aftershocks (maximum acceleration at GL-2.4 m
is 18–77 gal) with the average ± standard devia-
tion between the surface (GL-2.4 m) and GL-99.4 m
in the PEW and PNS directions. There are slight
but obvious differences in peak frequencies in the
spectrum ratios between the two shocks, where those
in the aftershocks are evidently lower. Considering
that the induced soil strain was smaller than 10−4 in
both shocks, these differences may presumably reflect
the disturbance of soil micro-fabrics due to strong
ground motion during the main shock (Kokusho and
Suzuki 2008b).

3.2 Back-calculation of soil properties

Back-calculation was carried out to optimize the soil
properties so that the spectrum ratios explained above
are best reproduced by using Extended Bayesian
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Method. Based on a 1D soil model constructed from
soil profiles provided by TEPCO, S-wave velocity Vs
and damping ratio D of individual layers are optimized
from initial values of guess to have the best fit with the
observed spectrum ratios (Kokusho and Suzuki 2008a,
2008b). Values of Vs and D are postulated to be inde-
pendent of frequency as in the normal geotechnical
engineering practice.

Soil properties shallower than the second deepest
seismometer (GL-99.4 m) are first optimized by utiliz-
ing spectrum ratios between the surface and that level.
Then, properties deeper than that are optimized based
on spectrum ratios between the surface and the deepest
level. The frequency range for minimizing the residu-
als of spectrum ratios is chosen as 0.3 Hz to 10 Hz in
this analysis. Frequency increment used in the com-
putation is constant in the logarithmic scale so that
spectrum ratios in lower frequencies contribute more
to the computed residuals than those in higher frequen-
cies. Further details of the back-calculation procedures
are available in other literatures (Suetomi 1997 and
Kokusho et al., 2005).

Fig. 15 shows the optimized transfer functions of
GL-2.4 m/GL-99.4 m and GL-2.4 m/GL-250 m in
PEW and PNS directions compared to the correspond-
ing spectrum ratios by observation for the main shock.

In the same chart, transfer functions based on Vs by
wave logging tests are also superposed. Though the
optimized spectrum ratio does not match the observa-
tion so perfectly, it is definitely closer than that using
the small-strain properties in all cases.

In Fig. 16(a), as the result of the back-calculation,
the optimized values of Vs in the PEW and PNS
directions are shown versus the ground depth for
the main shock as well as the small shocks prior to
the main shock and the aftershocks. Compared to the
small strain Vs-logging values superposed in the chart,
the back-calculated values of Vs for the main shock
decrease by 37–23% in the soil layers and by 2–0.4%
in the Tertiary mudstone. The damping ratios D shown
in Fig. 16(b) are evaluated as 17–14% in the soil lay-
ers, which are considerably larger than the initial guess
corresponding to small strain values, while in the base
rock they are as small as 1.5–1% not so different from
the initial guess. Fig. 16(a) also indicates that the
Vs-value for the small shocks which occurred prior
to the main shock is evaluated nearly identical to the
Vs-logging values, while that for the aftershocks is
slightly lower than the Vs-logging results.

Thus, it is certain from the back-calculation that a
obvious reduction of Vs took place during the main
shock in the soil layer, while the Tertiary base rock
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behaved almost as a linear material with a minimal
Vs reduction of less than a few percent. The maxi-
mum induced strain calculated by a forward multiple
reflection analysis of SH-wave using the optimized
properties was 0.27% for the soil deposits consisting
of Pleistocene and Holocene natural soil.

As will be mentioned later, the Vs-value of the
artificially backfilled soil was 100–200 m/s down to
around GL-10 m, considerably smaller than that of
the natural soil layer of the vertical array. Considering
that induced shear strain γ by a unilaterally propagat-
ing wave is expressed as γ = u̇/Vs, much larger strain
is estimated to have occurred in the backfill even under
the same particle velocity u̇ and the linear Vs-values,
leading to much more nonlinearity effect and volume
change there.

4 EVALUATION OF INCIDENT SEISMIC
WAVE ENERGY

4.1 Calculation of wave energy

Considering that the incident wave energy is directly
related to induced strain or damage in superstructures
in general (Kokusho et al., 2007), it is worthwhile
here to evaluate a seismic input not only by accel-
eration or velocity but also by energy. The seismic
wave energy E, if its major portion is assumed to be
transmitted by SH-wave, can be calculated simply as

E = ρVs

∫
(u̇)2dt (1)

where u̇ is particle velocity of horizontal motion and
ρVs is the seismic impedance of a layer where the wave
is defined. Note that u̇ in Eq. (1) is the particle velocity
not directly of recorded motions but of traveling waves
in either upward or downward direction. Therefore, it
is essential to separate a measured motion at a point

into upward and downward waves in order to evalu-
ate the individual energies (Kokusho and Motoyama
2002).

If a site consists of a set of horizontal soil lay-
ers and they behave as linear materials, upward and
downward waves at any point can be calculated from a
surface record based on the multiple reflection theory
(e.g. Schnabel et al., 1972) from which the flow of
the energy there is readily evaluated. During strong
earthquakes, though, seismic motions at the ground
surface are very much affected by the soil nonlin-
earity. However, the deeper the soil is, the more
linearly soil behaves even during strong earthquakes
(Kokusho et al., 1996). If vertical array records are
available, the energy flow in deeper ground can be
evaluated by using earthquake records at deeper lev-
els where seismic wave is less contaminated by soil
nonlinearity. The separation of upward and down-
ward waves from measured motions at two different
underground levels is readily made using the multi-
ple reflection theory as explained in another literature
(Kokusho and Motoyama, 2002). On the other hand,
the incident energy at a ground surface can be calcu-
lated by substituting a half of particle velocity there
into u̇ in Eq. (1).

The upward energy thus calculated using the opti-
mized properties in PEW and PNS directions and
summed up in the two directions at GL-250 m,
GL-99.4 m, GL-50.8 m and at GL-2.4 m are 453 kJ/m2,
434 kJ/m2, 384 kJ/m2 and 377 kJ/m2, showing a
gradually decreasing trend with decreasing depth.
Among them, the energies evaluated at GL-99.4 m,
almost the same elevation as the embedded founda-
tions of the reactor buildings (RBs), are exemplified
in Fig. 17 together with the corresponding veloc-
ity time histories. The upward energies increases
monotonically with time and amounts to be 351 kJ/m2

in PEW direction and 83 kJ/m2 in PNS direction
eventually. Compared with the downward energy
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Figure 17. Time histories of wave energies and particle
velocities of upward & downward waves at GL-99.4 m. in
the directions of PEW (a) and PNS (b).

similarly calculated, the difference between them can
be calculated as shown in the chart, the final value of
which indicates the dissipated energy in the ground
above that particular depth (Kokusho and Motoyama
2002).

4.2 Energy spectrum

Though seismically induced strain or damage of struc-
tures is highly dependent on the incident wave energy,
another important damage-related parameter is the
frequency content of the incident energy in view of res-
onance of structures. In order to know the frequency-
dependent energy distributions, ‘‘energy spectrum’’ is
proposed herein as the power spectrum of the particle
velocity times the seismic impedance ρVs. Thus, the
total energy E defined in Eq. (1) can be expressed
as the sum of energy spectra, ρVST (A2

k + B2
k )/2

corresponding to frequencies, fk = K�f ; as

E = ρVs

∫
(u̇)2dt = ρVs�t

N−1∑
m=0

x2
m (2)

= ρVsT

⎡
⎣(

A0

2

)2

+ 1

2

N/2−1∑
k=1

(A2
k + B2

k ) +
(

AN/2

2

)2
⎤
⎦

where a velocity time history consisting of m dis-
crete data is expressed by the finite Fourier series
with coefficients Ak and Bk , and �f = 1/(N�t),
k = 0, 1, 2, . . . , N /2, �t = time increment of the
velocity time history, N = thetotal data points in the
time history, and T = N�t.

The energy spectrum of the incident wave at
GL-99.4 m is shown in Fig. 18, where, needless to
say, the sum of the individual spectrum amplitudes
is equal to the total energy (434 kJ/m2) in the PEW
and PNS directions at GL-99.4 m. Note that a major
portion (73%) of the incident wave energy during
the 2007 Chuetsu-Oki earthquake is in the frequency
range lower than 1.0 Hz, indicating that the earthquake
gave much stronger impact on the soil ground and the
backfill soils, which is greatly affected by long period
cyclic shearing, than on superstructures having higher
resonant frequencies.

4.3 Comparison of incident energy

In Fig. 19, the total energy at GL-99.4 m is plot-
ted with a star symbol versus the hypocenter distance
R = 23 km of the main shock. The solid line in the
chart indicates the energy per unit area calculated by a
simple equation assuming spherical energy radiation
with R as

EIP/A = E0/(4πR2) (3)

where E0 is the total wave energy assumed to radiate
from the hypocenter and is determined using the
empirical equation by Gutenberg (1955):

log E0 = 1.5M + 11.8 (4)

Here, E0 has the unit of erg (1 erg = 10−10 kJ), and M
is the earthquake magnitude using the Richter scale.
Here the Japanese Earthquake Magnitude, MJ , was
used to compute E0 because the Richter and Japanese
magnitude scales are almost equivalent. Thus, input
energies EIP at bedrock during the earthquake may be
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Figure 18. Energy spectrum of incident wave at GL-99.4 m.
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readily computed by Eqs. (3) and (4), if the earthquake
magnitude M and the focal distance R is given.

Incident energies at base layers 100–300 m deep
from GL computed from the KiK-net down-hole array
records (Kokusho et al., 2006) during the 2004
Niigataken Chuetsu earthquake (MJ = 6.8) are also
compared in Fig. 19 with the same theoretical solid
line. In the same chart, incident energies at base
layers around 100 m deep during the 1995 Kobe earth-
quake (MJ = 7.2) are also plotted and compared with
the dashed line by Eqs. (3) and (4) (Kokusho et al.,
2006). The energy during the Chuetsu-Oki earthquake
was evidently higher in the near fault region than the
2004 Chuetsu earthquake of the same seismic mag-
nitude MJ = 6.8. Also obvious is that the energy in
the NPS site was as high as in the Kobe earthquake
despite that the magnitude was smaller. One of the
reasons seems to be attributable to the fault mecha-
nism of the Chuetsu-Oki earthquake such as directivity
and asperity and their direction/location relative to
the NPS.

5 DYNAMIC RESPONSE
AND GEOTECHNICAL PERFORMANCE

5.1 Response of building foundations
and backfill

As explained above, the incident wave energy was
found large in long period motions in particular from
the seismic records in the NPS. In this section, the
performance of soils and foundations under the high
incident wave energy is explained with an emphasis
on ground subsidence in the backfill area.

As previously mentioned, the reactor buildings,
turbine buildings and other important structures were
embedded directly on foundation rock of Nishiyama

mudstone of Neogene, which was covered with
Pleistocene dense dune sand. The details of the
embedment of the foundations and backfilling around
them are available in the case history paper by Sakai
et al. (2009). Fig. 20 illustrates the cross-sections
of Units 1–4. The building foundations are deeply
embedded in the excavated base rock directly or a
man-made rock as stiff as the natural rock. The four
sides of the buildings are backfilled by the dune sand,
the maximum thickness of which is 30 m and 25 m
on the left (sea) and right (inland) side, respectively,
being thicker on the seaside for most of the units. Dur-
ing the construction, the quality of the backfill soil
was controlled by a set of compaction machineries to
achieve a prescribed compaction rate of 95% given by
the dry density divided by the maximum density by 1
Ec (the standard energy by Procter). As regulated in
all reactor buildings in Japan, the ground water here
was designed to stay always at the foundation bottom
by pumping up (sub-drainage) in order to secure the
greatest possible shear resistance of the building foun-
dation without the buoyant effect. Hence, the backfill
soils near the buildings were unsaturated, although a
gradual increase of the phreatic level with increas-
ing horizontal distance from the buildings may have
occurred.

Fig. 21(a) shows the acceleration response spectra
of 5% damping ratio in the PEW direction obtained on
the deeply embedded concrete RB foundations of the
7 units superposed on the same chart. As previously
mentioned, the response of Units 1–4 is apparently
larger than that of Units 5–7, which are located by 1 km
north. As a whole, the peak periods of the accelera-
tion spectra are unexpectedly long indicating a great
involvement of long period ground motions. Actually,
the velocity response spectrum of the same motion
shown in Fig. 21(b) indicates that the peak period is as
long as 3 seconds and the response is again larger for
Units 1–4 than for Units 5–7.

There were no accelerometers recording the ground
motion directly on the backfill soils. However, there
were 2 seismometers near Units 1 and 5, about 200 m
eastward from the reactor buildings (See Fig. 5), which
recorded acceleration time histories on the ground
surface. Fig. 22(a) compares the acceleration spectra
between the embedded RB foundations and the neigh-
boring ground surface for Units 1 and 5. Obviously,
the response acceleration of the ground surface near
the RBs takes much higher value than that at Ser-
vice Hall in the period shorter than 1 s if compared
between Figs. 22(a) and 11(a) presumably due to the
shallower thickness of the surface soil layer overlying
the Tertiary base rock.

The spectrum is obviously larger on the ground
surface than on the foundation, demonstrating the
effect of the embedded concrete foundation directly
resting on the base rock. This effect is particularly
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Figure 20. Cross-sectional view of RB and TB embedded in base rock and backfilled (Sakai et al., 2009).
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Figure 21. Acceleration response spectra (a) and velocity response spectra (b) of D = 5% in PEW direction on RB
foundations of 7 units.

clear for short period range of T≈0.5 s or less, which
seems beneficial to mechanical equipments of the
plant facilities. The corresponding velocity response
spectra shown in Fig. 22(b) indicate that the response
velocity has a high value of about 300 m/s in a wide
period range of 0.5–3 s on the ground surface. The long
period motion seems responsible for the large subsi-
dence of backfill soils, because the longer the period,
the larger effect of cyclic shear stress can propagate to
deeper level of the ground.

5.2 Subsidence of backfill

Fig. 23 depicts the subsidence contour map of the
ground surface around Units 1–4 (suffering greater
subsidence than Units 5–7), which was developed
by comparing two survey results before and after
the earthquake. It can be recognized first that the
post-earthquake ground subsidence tends to concen-
trate in backfilled areas near the buildings except for
near-shore or inland areas where subsidence occurred
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Figure 23. Spatial distribution of ground subsidence due to earthquake for Unit 1–4 (Sakai et al., 2009).

by liquefaction of loose sand or embankment instability.
Fig. 24 shows examples of photographs of backfill area
of the heat exchange building of Unit 1 after the earth-
quake. Also noted is that there are wide areas where
no measurable subsidence occurred despite such a
strong ground motion except those where buried ducts
were backfilled. Two photographs in Fig. 25 show
clear difference of ground behavior with and without
backfilling around buried ducts.

Based on the detailed observations reported by
Sakai et al. (2009), subsidence around the important
buildings may be summarized as follows.

a. Subsidence of the backfill was particularly large
immediately beside the buildings and decreases
with increasing distance from them.

b. The maximum subsidence of 1.6 m occurred at
Unit 1 where the backfill thickness was 25 m, indi-
cating the average compression strain larger than
6%. For other units, too, the strain was evaluated
more than a few percent just beside the build-
ings. This large subsidence can be explained not by

liquefaction but by the interaction of unsaturated
backfill soils with the buildings.

c. In the area slightly distant from the buildings, the
compression strain was evaluated as 1–2%, which
may be explained by cyclic straining of backfill
soils.

In addition to the above summary, a further obser-
vation concerning (b) above may be made from Fig. 23
in which the subsidence looks greater on the seaside
(west) than the inland side (east) of the buildings for all
Unit 1–4. Fig. 26 shows the backfill area of Unit 2, in
which the seaside of the turbine building was consider-
ably larger than the inland side of the reactor building
where the settlement was smaller and even some com-
pression failure of corner stones could be seen. This
may be partly attributed to the fact that the backfill
soil thickness was smaller on the inland side in most
of the units. However, Fig. 27 demonstrates the sim-
ilar difference of ground subsidence on the two sides
having almost identical backfill condition at the heat
exchange building of Unit 2.
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Figure 24. Subsidence of backfill ground near unit 1 heat
exchanger building (Sakai et al., 2009).

Figure 25. Subsidence of backfill soil beside buried duct
(top: Sakai et al., 2009) and no visible subsidence where
nothing buried (bottom).

Relative horizontal displacement between the
buildings and the surrounding backfill during earth-
quake shaking may have something to do with this.
In Fig. 28(a), velocities and displacements of the RB

Figure 26. Subsidence of backfill of Unit 2; seaside (right)
of turbine building with large subsidence (top) and inland
side (left) of reactor building with little subsidence or even
some effect of compression (bottom).

foundation and the surrounding ground surface of
Unit 1 are shown, which are calculated by integrat-
ing the acceleration time histories once and twice in
terms of time, respectively. Similarly, Fig. 28(b) shows
the corresponding results for Unit 5. The velocity at
ground surface in Unit 1 looks apparently strange
after 9 seconds as shown in the top row of Fig. 28(a),
reflecting the residual displacement which occurred
to the base mat of the accelerometer and actually con-
firmed after the earthquake. Hence, the corresponding
displacement in the bottom row of Fig. 28(a) is not
reliable in the latter part.

Note that the major ground motion with high accel-
eration and velocity finished by the end of the first
12 seconds, although larger displacement is calcu-
lated thereafter contributed presumably by very long
period motions, tectonic movements or possibly some
errors involved in the integration. It may be justified
to assume that the subsidence of the backfill occurred
due to shaking effect and mostly in the first 12 seconds.
During that interval, the displacements of the founda-
tion and the ground in Unit 5 fluctuate almost in paral-
lel, resulting in only a minimal relative displacement
between them. In contrast to that, a large difference
between the displacements is calculated from the first
part of the motions (before 9 seconds), which is exempt
from the subsequent residual offset, indicating that a
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Figure 27. Subsidence of backfill soil beside heat-exchange building of Unit 2; seaside (right) of the building with
large subsidence (top) and inland side (left) with little subsidence or even some compression heave (bottom).
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Figure 28. Velocity and displacement for ground surface compared to RB foundation in Unit 1 (a) and Unit 5
(b) in PEW direction.

distinct relative displacement between foundation and
ground may have occurred during the major shaking.

Though its absolute value may not be accurate
because the ground surface motion was measured at a
place about 200 m far from the RB foundation outside

the backfilled area, the qualitative trend seems suffi-
ciently reliable, implying that a relative displacement
occurred by the ground movement westward (seaward)
relative to the foundation. This relative horizontal dis-
placement may have made a significant contribution
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to the settlement of the backfill soils in addition to
the effect of the cyclic shear stress by the long period
motion previously mentioned.

As already explained, the settlement was particu-
larly large (1.6 m maximum) at the seaside of the build-
ings compared to the inland side probably because
the ambient soil tended to separate from the structure,
while in the inland side, even some compression heave
could be observed at some locations.

Similar direction-dependent difference of soil sub-
sidence could be observed in some of pile-supported
buildings in Kashiwazaki city, about 6 km far from
the NPS. Fig. 29 exemplifies the case in a large public
sports compound, where sea-side backfill area settled
considerably in contrast to inland side. These case
histories seem to give us a valuable lesson on how
soil-structure interaction possibly occur in near-source
regions of destructive earthquakes, which may lead to
very different settlement of backfill soil depending on
the directions.

5.3 Soil properties of backfill

After the earthquake, soil survey was densely imple-
mented by TEPCO to investigate the physical and
mechanical properties of the backfill soil. Bore holes
were drilled at several locations around the reac-
tor buildings of Unit 1–5 where substantial ground

Figure 29. Subsidence of backfill soil beside a sport com-
pound in kashiwazaki city; seaside of the building with
large subsidence (top) and inland side with little subsidence
(bottom).

settlement occurred, and P/S-wave logging, RI density
logging, Standard Penetration Test and soil sampling
were carried out there (Sakai et al., 2009).

The grain size curves obtained are illustrated in
Fig. 29, indicating that the backfill soil was quite uni-
form in its particle gradation. It is essentially uniform
sandy soil consisting of 60–80% sand, 5–15% fines
and 0–20 fine gravels. The dry density is 1.5–1.7 t/m3

and the wet density is 1.75–1.9 t/m3 on average and
no clear increasing trend is observed with depth. The
saturation ratio is 40–70% in the unsaturated fill.

Figs. 31(a) and 31(b) shows the variation of SPT
N-value (not modified by overburden stress) along
the depth measured at Unit 1 and Unit 4 at 3 dif-
ferent distances (2, 11.5, 22.5 m for Unit 1, and
1.6, 6.7, and 24.2 m for Unit 4) from the buildings.
The N-values are 5–15 for the depth shallower than
15 m and show gradual increase with depth, which are
almost the same trends for all the distances. However,
the absolute N-values are obviously smaller in the
immediate vicinity of the building than the distant
points.
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Figure 32. Variations of S-wave velocity in backfill soil
along depth measured at 3 distances from RB wall for Unit 1
(a) and Unit 4 (Sakai et al.,).

Figs. 32(a) and 32(b) shows the variation of S-wave
velocity along the depth measured at Unit 1 and Unit
4 at 3 different distances (2, 11.5, 22.5 m for Unit
1 and 1.6, 6.7, and 24.2 m for Unit 4) from the build-
ings. It is distinctly smaller than that in the natural
soil ground of the vertical array shown in Fig. 8. The
Vs-value is about 100 m/s near the surface and clearly
increases with depth, the trend of which is almost
the same for all the distances. However, the absolute
Vs-values are again smaller in the immediate vicinity
of the building than the distant locations. These trends
may reflect that the soil had been less compacted near
the buildings than at distant locations due to difficulty
in carrying out heavy compaction near the building
wall during the construction (Sakai et al., 2009).

Although the soil was essentially unsaturated near
the buildings, liquefaction tests (undrained cyclic tri-
axial tests) were also conducted for saturated backfill
soils of dry density 1.6 t/m3 (relative density 85%).
The stress ratio under the effective confining stress
98 kPa was RL = 0.26 for 5% double amplitude strain
for 20 cycles of loading (Sakai et al., 2009).

6 DAMAGE CAUSED BY SUBSUDENCE
OF BACKFILL SOILS AND PERFORMANCE
CRITERIA

6.1 Damage due to subsidence

As mentioned previously, the RB/TB foundations had
been directly based on the Neogene mudstone and
suffered literally no settlement. In contrast, some of
non-crucial structures had been constructed on pile
foundations or shallow foundations in the backfill
soil. The considerable soil subsidence in the back-
fill described previously did nothing wrong to the

important buildings but resulted in uneven settlement
in structures supported by shallow foundations and
buried pipes near the buildings.

A typical failure of this kind occurred adjacent to
the Unit 3 turbine building, where a power connec-
tion bus supported by direct shallow foundation on the
backfill subsided by 20 to 25 cm as shown in Fig. 33.
The bus had connected a house transformer supported
by piles driven in the backfill down to the base rock and
the turbine building directly on the rock, both of which
did not experience measurable settlement. The settle-
ment of the bus support caused a breakage of a joint and
consequent oil leak from the transformer, eventually
leading to fire as explained in detail in Fig. 33.

Another failure case is shown in Fig. 34, in which
considerable ground settlement occurred around an oil
tank of Unit 1. The tank, classified as a critical struc-
ture for nuclear safety, was supported by the base rock,
and did not settle, the backfill soil adjacent to the tank
subsided considerably so that a large gap was gen-
erated around the tank foundation. This might have
caused deformations of a concrete duct with oil pipes
inside connecting the tank and the RB building if the
duct were not properly supported.

A typical damage to pipes occurred to fire
protection pipe lines buried directly in backfill soil
around the buildings. Subsidence of the backfill soil
relative to the buildings caused rupture of threaded
and coupling joints near the building wall where the
deformation exceeded their rapture limit as shown in
Fig. 35.

6.2 Consideration on performance criteria

Thus, the soil subsidence in the backfill area and asso-
ciated structural failures gave various impacts in con-
sidering the performance of the nuclear power plant
during the severe earthquake, though the critical per-
formance concerning the nuclear safety was secured.
Hence, some considerations may be made with respect
to the design criteria of the backfilling from the view-
point of the performance based design.

First, the design earthquake load for non-nuclear
non-critical structures (named Class C in NPS Regula-
tory Guide) was regulated to use a seismic coefficient
of the same standard as normal industrial facilities
and engineers followed that regulation. Unfortunately,
the actual earthquake far exceeded even the sever-
est design earthquake to be incorporated for critical
nuclear structures (named S2), that almost nobody had
dreamed of. This resulted in the considerable soil sub-
sidence in backfill areas. So, the problem here is what
kind of performance criteria for backfill should be con-
sidered for future earthquakes attacking nuclear power
plants.

Provided that all important buildings or facili-
ties associated with nuclear-safety (named Class As,
A and B) are strictly regulated to rest directly on
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Figure 33. Transformer supported by pile foundation driven in the backfill down to the base rock and the turbine building
based on the rock. The settlement of the bus support caused a breakage of a joint and an oil leak from the transformer and
resulted in a fire (Sakai et al., 2009).

Figure 34. Ground settlement occurred around an oil tank
of Unit 1(Sakai et al., 2009).

seismically stable stratum such as cemented rock, and
that the subsidence of the backfill soil has little to do
with the stability of the important facilities, the perfor-
mance criteria to be considered here for the backfill
is not directly related to nuclear-safety. However, the
backfill of NP facilities may have a big difference
from that of other industrial facilities, simply because
the definitions on serviceability, reparability and so
forth may be quite different. The case of the KK-NPS
clearly indicated that.

In any country in the world, nuclear power plants
are considered quite special to general public and our
society in the context of nuclear safety. Once it suffers

Figure 35. Damage to buried pipes occurred to fire protec-
tion pipe lines buried in backfill soil around the buildings
(Sakai et al., 2009).

earthquake damage, no matter whether the damage is
significant or not, it takes really long time to make
clear that the safety is again secured. In the perfor-
mance criteria of the backfilling, this very special
condition of NPS should be considered and associated
performance criteria should be introduced by taking
account the probability of even the severest seismic
load to be used in seismic design of nuclear power
plants.

7 CONCLUSIONS

The ground motions obtained at KK-NPS during the
Chuetsu-Oki earthquake and some analyses based on
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them yielded the following major findings;

1. Main shock motions measured in the vertical array
at the top of the sand dune indicates deamplification
in acceleration and amplification in velocity with
decreasing depth. Back-calculation of the motions
indicates that remarkable nonlinearity in properties
took place in soil layers whereas the effect remained
marginal in the underlying base rock.

2. Peak periods of the acceleration spectra are unex-
pectedly long indicating a great involvement of
long period motions with the peak period of
3 seconds in the velocity response spectrum, which
seems responsible for the large subsidence of back-
fill soils in the NPS by introducing large cyclic
shear stress or strain into deeper soils.

3. The incident wave energies evaluated at almost the
same elevation as the RB foundations amounts to
be 434 kJ/m2. The energy spectrum proposed and
evaluated here indicates that a major portion (73%)
of the incident wave energy was in the frequency
range lower than 1.0 Hz, indicating the major
energy involved in long period motions gave great
impact on soil ground and backfill.

4. The incident wave energy at the level of RB foun-
dations was larger than that of the 2004 Chuetsu
earthquake of the same magnitude and also almost
equivalent to that of the 1995 Kobe earthquake of
the larger magnitude.

5. Displacements calculated from the motions on the
RB foundation resting on the bedrock and neigh-
boring soil surface indicate that horizontal ground
displacement occurred westward (seaward) relative
to the foundation, which may have contributed to
considerable settlement of the backfill soils around
important buildings particularly large at the seaside
compared to the inland side. This gives us a lesson
on how backfill soil behaves in a near source region
during destructive earthquakes.

6. In the performance criteria of the backfilling,
although it is not critical to nuclear safety, spe-
cial conditions of NPS should be considered, and
associated performance criteria in serviceability,
reparability, etc. should be introduced by taking
account even the severest seismic load to be used
for nuclear power plants.
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Seismic performance based-design of large earth and tailing dams

R. Verdugo
University of Chile, Chile

ABSTRACT: The actual capability of predicting the seismic performance of earth structures is limited and it
is important to recognize that the real application of PBSD in professional practice is still years away. However,
it is important to admit that PBSD is attractive and efforts have to be done to make it closer to practitioners. In
the seismic design of tailings dams there are two main factors that control the liquefaction resistance of tailings
sands: density and fines content. Accordingly, test results showing the effect of these two factors are presented.
In the case of large earth dams, the use of coarse materials is common because of their good mechanical behavior.
However, the evaluation of their properties is difficult due to the lack of equipment to test large particles. An
alternative procedure to evaluate mechanical properties of coarse soils is presented. Additionally, the long term
deformations of three large dams are analyzed and an empirical expression to estimate these deformations is
proposed.

1 PERFORMANCE BASED SEISMIC DESIGN

In a broad sense performance-based seismic design
(PBSD) can be understood as a design criteria which
goal is the achievement of specified performance tar-
gets when the structure is subjected to a defined seis-
mic hazard. The specified performance target could
be a level of displacements, level of stresses, maxi-
mum acceleration, mobilized strength, or a limit state,
among others. In this respect, the limit state design can
be seen as a particular case of the PBSD, where the per-
formance target is the accomplishment of a resisting
force.

The PBSD is being strongly promoted by structural
engineers, probably encouraged by the heavy financial
losses resulting after recent earthquakes. This comes
from the fact that the main investments in building
construction are the non-structural components and
contents (Astrella & Whittaker, 2004). For example,
in the case of office buildings, hotels and hospital
structures, the investment in structural framing is only
around 18, 13 and 8%, respectively; of the total cost
(Miranda & Taghavi, 2003). This clearly indicates that
the fundamental objective of building code provisions
to guaranty structure integrity, in terms of no collapse
against strong ground motion, is definitely insufficient
to be considered a successful seismic behavior to the
society. Accordingly, efforts are now being conducted
to reduce the financial losses associated with the
non-structural components and contents throughout a
design that considers specific performance structural
targets, such as maximum displacements, maximum
accelerations, or inter-story drift, especially in those
parts where the main investments are located. In
this scenario, it seems naturally that building owners

and insurers, among others, should be involved in
making informed decisions regarding the expected
performance of the structures.

It is important to recognize that the formal use
of performance-based design is definitely less wide-
spread in geotechnical engineering than in structural
engineering. Nevertheless, since the 60s the earth-
quake geotechnical community is applying methods
of analysis for predicting permanent displacements
in earth structures, which is basically a performance
criterion as opposed to the classical concept of limit
equilibrium (Newmark, 1965; Seed 1966, Makdisi &
Seed, 1977). In addition, the design of foundations
placed on granular soils is normally controlled by set-
tlements rather than bearing capacity, which is also
a performance criterion. In this sense, although it is
not formally stated, the performance-based design is
reasonably familiar for geotechnical engineers.

Since the middle 90s, geotechnical engineers from
different countries have been promoting the devel-
opment and application of PBSD, following to some
extend the tendency that is observed in structure seis-
mic design. Although some efforts have been oriented
to standardize and improve the use of PBSD, as it
is now conceived, it is flawed in crucial elements.
Our present capability of predicting the mechanical
seismic performance of earth structures inherently
involves an important level of uncertainty. Starting
with the prediction of the seismic event, continuing
with the ability of ground characterization (such as
geometry, heterogeneities, properties) and ending up
with the real skills to model the dynamic soil response
when it goes well beyond the linear behavior. Con-
sidering these fundamental uncertainties, it is com-
monly suggested that PBSD should be conducted on a
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probabilistic basis, indicating the probability of
exceeding a certain desired performance and the con-
fidence of this probability. Unfortunately, the prob-
abilistic approach is not accessible for most of
practitioners and it does not really improve the final
outcome which is the performance prediction.

Likely the most important issues behind the PBSD
are the following:

– The intention of involving stakeholders (owners,
insurers and regulators) in the decisions concern-
ing the choose of target performances for a earth
structure during and after seismic events, sharing
in this way the decision-making process.

– The premise that seismic performance levels can
be predicted analytically, so the cost associated
with each level of performance can be rationally
evaluated.

In spite of the benefit of involving stakeholders in
the decision-making process of choosing a specific set
of performance targets, it is important to be aware of
the potential problems and consequences associated
with this idea. To combine appropriately both, com-
plex technical solutions and investment decision based
on risk analysis, is also risky. This necessarily intro-
duces another source of uncertainty which could be
even more important that the technical uncertainties.
This statement is written just when the financial crisis
is striking the whole world, and it is strongly influenced
by this fact.

On the other hand, the actual capability of pre-
dicting the seismic response of earth structures is a
more fundamental issue. From a scientific point of
view, there is a reasonable knowledge of soil and rock
mechanical behavior that has been incorporated into
numerical models that are basically able to repro-
duce a variety of laboratory test results. However, in
engineering practice, the real situation is less promis-
ing, especially when the earth structures have singular
geometries that need, for example, three dimensional
analysis, or when several different geotechnical mate-
rials are involved, being necessary a deep geotechnical
characterization of each one.

In the case of dam engineering, additionally, practi-
tioners have to face the geotechnical characterization
of rockfill materials constituted by large size particles.
Normally there is a lack of available testing appara-
tuses for these coarse materials, therefore geotechnical
properties have to be estimated to properly desing a
earth dam of this type.

In addition, there are several factors that are well
recognized that affect the stress-strain relationship, but
they are not included in the current models used in
practice. Among these factors, it is possible to indicate
that the most relevant are the following:

– Stress rotations that take place during seismic
loading.

– Variation of the intermediate principal stress, σ2.
– Seismic pore water pressure generation.
– Redistribution of pore water pressure.
– Densification due to particle rearrangement.

In this context, the actual capability of predicting
the seismic performance is quite limited. Conse-
quently, it is important to recognize that the real
application of the PBSD in professional practice is
years away, but it is also important to admit that this
design criterion is attractive and more efforts have to
be done in order to improve it.

In this paper key geotechnical properties of copper
tailings materials are presented, which are necessary
to consider if performance based seismic design is
carried out in tailings dam projects.

For the case of earth dams constructed with coarse
materials, a test procedure using parallel grain size
curves is proposed to estimate the mechanical prop-
erties of the coarse fills. Additionally, the variation
of the deformation modulus with time obtained from
the analysis of measured settlements of three Chilean
dams is presented. For the application of the perfor-
mance based seismic design of earth dams with coarse
fills these results are considered relevant.

2 TAILINGS DEPOSITS

2.1 General framework

The waste products resulting from mining operations
are called tailings. Typically in copper, gold and zinc
mines, the extracted ore is crushed to the size of fine
sand to clay from where the minerals are recovered.
In the case of copper mines it is important to mention
that, as an order of magnitude, around one percent in
weight corresponds to the valuable minerals that are
retrieved from the milled ore. Therefore, the mining
operations have to manage large quantities of tailings
which are around 99 times the weight of the copper,
gold or zinc production. In addition, it is necessary to
mention that due to the mining processes associated to
the removal of the minerals, the resulting tailings are
fully saturated.

In countries with a substantial mining industry,
such as Australia, Canada, Chile, Chine, Peru, Poland,
South Africa, and USA, among others, the design and
construction of enormous tailing disposals is a crucial
necessity that has been continuously imposing new
geotechnical challenges. The mining industry gener-
ates everyday millions of cubic meters of waste that
has to be disposed safely and inexpensively. In Chile,
for instance, there are in operation tailings dams with
a height of 150 meters and reservoirs with more than
one thousand million tones of slimes, and there are
projects under construction that will end up with tail-
ings dams of 220 meter in high (Valenzuela et al.,
1995). This trend indicates that conventional tailings
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dams with large dimensions in terms of height and
extension are accepted solutions for disposing mining
waste products, and the assessment of their mechani-
cal stability is one of the main concerns. Additionally,
in all those regions with a high seismic activity, the sta-
bility and liquefaction resistance requirements are the
main issues to be analyzed and satisfied. Furthermore,
because all tailings disposals will exist well after the
mining operation is ended, the seismic stability has to
be ensured for a large period of time after closure of
the mine.

In spite of these requirements, there are several case
histories associated to the total failure of tailings dams
due to the occurrence of liquefaction. In general, satu-
rated deposits of loose cohesionless soils have shown
to be susceptible to liquefaction during the occurrence
of earthquakes. This phenomenon has been observed
in tailing dams, hydraulic fills, as well as in natu-
ral slopes of sandy soils. It is important to bear in
mind that a failure of a tailings dam has catastrophic
results from economical and environmental points of
view, and also can be associated with human casual-
ties. Consequently, a failure has to be avoided by all
means, but at the same time it is necessary to keep in
mind that over design it is just a waste of resources.

For an appropriate design of conventional tailings
dams that ensures stability at a minimum cost of con-
struction, operation and abandon, the conditions of
the storage site as geomorphology, geology and seis-
mic activity of the area have to be considered. On the
other hand, the geotechnical properties of the involved
tailings play a predominant role in the selection of the
most convenient design. In this paper the liquefaction
strength of tailings materials is discussed at the light
of new experimental data considering a wide range of
fines content and densities.

2.2 Tailings disposals

Depending on how the tailings are processed, trans-
ported, discharged and stored, the resulting tailings
disposals can be divided in two different systems:
thickened tailings (or paste) disposals and conven-
tional tailings dams. There are also others procedures,
for example, filtered tailings, but they are less used
due to their high cost.

In the case of thickened tailings disposal system,
the main goal is to create a self-supporting tailings
mass, so confining dikes can be eliminated or at least
minimised. To accomplish this, the water content
of the initial tailings slurry is reduced as much as
possible prior to discharge by mean of high-density
thickeners, resulting in a tailings deposit of a gently-
sloping conical shape, with typical angles between
2 to 6 percent. The concept of thickened tailings was
introduced by Robinsky in the late 60’s and actually
used since the beginning of the 90’s (Robinsky 2000;
Salvas et al., 1989).

The conventional as well as the thickened tailings
disposal systems have to be designed and analysed in
order to guarantee the appropriate level of stability.
However, the pass experience has shown that con-
ventional tailings disposals are susceptible to undergo
seismic failure due to the occurrence of liquefaction.
In the case of the thickened tailings disposals there
is no sufficient information about their actual seismic
behaviour due to its recent widespread application and
the lack of important earthquakes in any of the existing
thickened tailings facilities. Nevertheless, the follow-
ing three factors can be used to argue that this type
of disposal is intrinsically more stable against seis-
mic disturbances than the conventional one. First, an
increment in the density of the deposited tailings at
the surface tends to occur due to its natural desicca-
tion and the associated shrinkage of the tailings mass.
Second, a quite limited saturated zone can be devel-
oped at the bottom of the disposed tailings and third,
the driving shear stresses are low due to the reduced
slopes reached by the surface of the disposal. In spite
of this reasoning, there is no much information about
the static and cyclic strength of thickened tailings and
in this context new experimental evidence is presented
below.

The oldest procedure for tailings disposal corre-
sponds to the conventional tailings dams with the
formation of a basin through the construction of a con-
fining perimeter with one or several dams according to
the topography of the site. The dikes or dams are usu-
ally made with the sand fraction of the tailings because,
in general, it is the solution that provides the lowest
cost. The sandy tailings are obtained by cycloning the
natural tailings, resulting a material that classifies as
sandy soil with fines contents usually in the range of
10 to 30%. The saturated finer tailings (slimes) are
discharged and stored into the basin that is the dis-
posal site. According to the construction procedure,
it is possible to identify three different structures of
tailings dams, so-called, upstream, downstream and
center-line method of construction, which are sketched
in Fig. 1.

It can be observed that the upstream method of
construction requires the minimum volume of coarse
tailings for dikes construction, but the geotechnical
properties of the slimes are involved in the over-
all stability of the dikes. On the other hand, the
dams constructed following the downstream method

a) b)

c)

Figure 1. a) Upstream, b) downstream and c) center-line
methods of construction.
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produce dikes with the largest need of coarse tailings,
but at the same time there are no fines tailings involved
in the mechanical resistance of the resulting dam
body. As can be expected, the tailings dams con-
structed with the upstream procedure have shown to
be more vulnerable against both static and seismic
failures, while the downstream dams have presented
the safer behaviour. The tailings dams constructed by
the center-line method have exhibited an intermedi-
ate behaviour in terms of stability. Consequently, in
seismic regions the upstream dams, although attractive
from an economical point of view, are avoided in favor
of the downstream and center-line tailings dams. The
seismic stability of these dams is basically controlled
by the liquefaction resistance of the sandy tailings that
constitute the dikes, which is mainly governed by the
fines content and density of these sandy tailings.

Some singularities that make the conventional tail-
ings dams different from others soil structures are the
following:

– Tailings dams do not retain water, instead they
contain saturated slimes, so from stability consid-
erations, the most permeable the dam the better.
Therefore, to ensure the drainage through and
below the tailings dam body, it is common to build
a drainage system at the bottom of the basin, in
the natural ground, that passes through the base of
the tailings dam. This drainage decreases the water
level in the dam to a quite low position, what it is an
important factor to reduce the zone with a potential
occurrence of liquefaction.

– From economical considerations, only low efforts
in compaction are accepted and therefore, the tail-
ings dams tend to be in a loose to medium state of
density.

– The period of construction of the embankments
follows the mining operation, so the period of con-
struction can be quite large, being possible to re
adjust the original design.

– Tailings dams remain as a soil structure well after
the mining operation is ended, which imply that
stability must be ensured well beyond the period of
the mining activity, to the so-called abandon period
of the tailings dam.

These singularities have to be considered in the
tailings dam design. For example, since the sand frac-
tion of the tailings are placed with a high amount
of water, a significant segregation takes place and
a notable stratification is created, which has to be
considered when the geotechnical properties are eval-
uated. However, in new projects, no information asso-
ciated with the actual resulting fabric in the field is
available and therefore, only reasonable estimations
of properties can be done. This situation is overcame
from the fact that the construction of tailings dams
takes time according to the mine operation, which
allows to carry out site investigations and laboratory

tests to evaluate material properties and optimize the
design under the light of actual data.

2.3 Seismic failures of conventional tailings dams

The engineering practice have registered catastrophic
failures of tailings dams triggered by the dynamic
forces of earthquakes, causing severe losses to the
private property, important destruction of agricultural
lands and in many cases loss of human lives. Most of
the seismic failures of tailings dams are attributed to
increase in pore water pressure and to the occurrence
of liquefaction (Dobry et al., 1967; Ishihara 1984;
Finn, 1980; Finn 1996). In Fig. 2 is shown one of the
oldest flow failure that has been reported in a tailings
dam that took place at El Teniente copper mine in
Chile, following the earthquake of October 1, 1928
(Agüero, 1929). The Barahona dam of 65 m in high
collapsed 3 minutes after the main shock, releasing
4 millions tons of material that flowed along the valley,
killing 54 persons. The cross section of the remaining
tailings after the failure is sketched in Fig. 2, where
the existence of several almost horizontal terraces are
observed. This configuration is attributed to the low
post liquefaction strength developed by weak layers of
the typical strongly horizontal stratified structure of
the tailings disposed in the basin.

Later on, during the earthquake of March 28, 1965,
El Cobre tailings dam located in Chile failed catas-
trophically and more than 2 millions tons of material
flowed around 12 km in a few seconds, killing more
than 200 people and destroying El Cobre town. At the
time of the failure, the dam was about 33 m high and it
had a downstream slope as steep as 35◦ to 40◦, respect
to the horizontal (Dobry et al., 1967). A cross section
of the tailings dam before and after the failure is shown
in Fig. 3, where it is possible to observe the final pro-
file of the tailings consisting also of several terraces
with 1◦ slope towards the valley (Dobry et al., 1967).

Another well documented seismic failure of a tail-
ings dam took place after the earthquake of January 14,
1978, at the dikes No. 1 and 2 of Mochikoshi gold mine
in Japan. The dike No. 1 collapsed around l0 seconds
after the main shock, releasing 60 thousands cubic
meters of slimes. The dike No. 2 failed 24 hours after
the main earthquake, at the time when there was not
any ground shaking and a total volume of 3 thousand

Figure 2. Failure of Barahona tailings dam, (Agüero, 1929).
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Figure 3. Failure of El Cobre tailings dam, (Dobry el al.,
1967).

cubic meters of material flowed into the valley to a
distance of about 240 m. The cross sections of these
two dikes showing the situation before and after the
failure are presented in Fig. 4 (Ishihara 1984).

Site investigation indicated that the remaining tail-
ings in the pond adopted an average slope of 8◦ towards
the valley. Part of the failure can be appreciated in
Fig. 5.

Furthermore, during the Chilean earthquake of
March 3, 1985, with a Magnitude 7.8, two tailings
dams failed by liquefaction. Cerro Negro dam of 30 m
in height failed and about 130 thousand tons of tail-
ing material flowed into the valley for a distance of
about 8 Km, (Castro et al., 1989). Due to this earth-
quake another failure occurred in Veta de Agua No. 1
dam, which at the time of the shaking had a maximum
height of 15 m. According to a witness, the failure took
place in the central part of the dam few seconds after
the shaking had finished. The fines tailings stored in
the pond moved along the El Sauce creek for about
5 km (Castro et al., 1989).

These failures, added to many others seismic fail-
ures that have occurred around the world, emphasise
the importance of carrying out studies concerning the
seismic response of tailings dams, with special focus
on the liquefaction phenomena. However, it is also
important to understand that these catastrophic failures
have brought in many countries an over reaction from
the community that has resulted in strong and rigid
legal regulations, unnecessarily increasing the costs
of tailings disposal. This situation may become more
and more complicated as the tailings dams need to be
larger and the construction costs grow exponentially.
Therefore, studies supporting the actual liquefaction
strength of tailings materials are of a paramount impor-
tance for the rational design of tailings disposals.

2.4 Cyclic mobility and flow failure

The term liquefaction was coined by Hazen (1920)
to describe the failure of the hydraulic fill sand of
Calaveras Dam on March 24th, 1918. In this failure,
the up-stream toe of the under construction Calaveras
dam, located near San Francisco in California, sud-
denly flowed moving approximately 700,000 m3 of
material for around 90 m. Apparently at the time of

a)

b)

Figure 4. Failure of Mochikoshi tailings dams. (a) Dike N◦
1 and (b) Dike Na 2, (Ishihara, 1984).

Figure 5. View of part of the Mochikoshi tailings dam
failure (courtesy of Prof. K. Ishihara).

the failure none special disturbance was noticed, indi-
cating that this phenomenon can occur in the absence
of earthquakes.

Since that failure, the term liquefaction has been
used in a broad sense for describing two different phe-
nomena that may occur in saturated cohesionless soils,
which have in common a significant pore pressure
build-up and large deformations of the ground. Never-
theless, to understand the actual soil behaviour it is of a
great importance to distinguish between the so-called
flow failure, where a sudden lost of strength takes
place, and the term cyclic mobility that is essentially
associated to a progressive strain softening without any
lost of strength.

The term cyclic mobility was proposed by
Casagrande (1975) to conceptualise the continuous
development of strains that is observed during undrai-
ned cyclic loading, when the occurrence of a signif-
icant pore water pressure has been reached. Typical
experimental results on loose and dense sands show-
ing this phenomenon are presented in Fig. 6, where
it is important to observe that the soil mass does not
undergo any loss in strength, but important deforma-
tions are progressively developed indicating a clear
degradation of stiffness.

The rate of this degradation increases after each
cycle when the material is loose and it decreases when
the material is dense (Ishihara 1985).
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a)

b)

Figure 6. Typical experimental results for sands under
a cyclic loading condition, (a) dense and (b) loose sand
(Ishihara, 1985).

On the other hand, Casagrande (1975) proposed
the term true liquefaction or flow failure for the phe-
nomenon where a sudden loss in strength to a residual
value takes place in a loose cohesionless soil (Castro,
1969). When the existing driving forces, or permanent
forces, are larger than the mobilised residual strength,
the failure is triggered and the soil mass deforms
and flows resembling a viscous fluid. After failure has

occurred, the soil mass involved in the collapse tends
to reach very gentle slopes. Typically, flat angles of
1◦ to 8◦ have been observed. This failure can be trig-
gered not only by earthquakes, but also by disturbances
that are fast enough to induce an undrained response
of the initially loose soil mass.

True liquefaction or flow failure is the phenomenon
that has been observed in the catastrophic failures of
tailings dams, causing adverse scenarios with a signif-
icant amount of soil mass flowing hundred of meters in
a few minutes. Consequently, seismic analysis of tail-
ing dams must include the evaluation of the eventual
occurrence of flow failure. The condition of flow fail-
ure generates a large level of deformation where the
steady state or ultimate state of the soil is reached, so
the use of this concept in the evaluation of a potential
flow failure is suitable.

The ultimate response of the specimen has been
referred to as the steady state of deformation (Poulos,
1981). Experimental results of undrained triaxial tests
performed on samples at different effective confining
pressure and at the same void ratio after consolidation
are shown in Fig. 7 (Verdugo, 1992; Ishihara, 1993;
Verdugo et al., 1996). It can be seen that regardless the
initial level of confining pressures, the same ultimate
state or steady state strength is achieved.

Additionally, the effect of the stress history is
shown in Fig. 8 in terms of stress strain curves on
loose and dense specimens loaded monotonically and
cyclically.

Figure 7. Steady state strength (Ishihara, 1993).
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Figure 8a. Effect of stress history on loose sand (Verdugo,
1992).

As it is observed, the ultimate condition or steady
state strength achieved at large deformations is inde-
pendent of the previous cyclic loading indicating that
the stress history does not affect the strength developed
at large deformation (Verdugo, 1992). These experi-
mental results suggest that the steady state strength is
mainly a function of the void ratio. Therefore, the anal-
ysis of a flow failure basically needs to establish the
level of static shear stresses and the undrained strength,
which would be only dependent on the void ratio of the
soil mass. The seismic action has to be seen as a trigger
of the undrained strength.

To guaranty the stability of a tailing dam, the analy-
sis of liquefaction has to be done in terms of both cyclic
mobility and flow failure, and therefore an experimen-
tal program of tests covering these two phenomena has
been performed. During the operation of a conven-
tional tailing disposal there are mainly two parameters
that can be modified (intentionally or incidentally),
and which are directly associated with the static as
well seismic strength of the dikes; density and fines
content. Accordingly, the effect of these parameters in
the tailings strength has been investigated.

2.5 Maximum and minimum void ratios

In the evaluation of the degree of compaction, or den-
sification, of tailing sands it is important to take into

Figure 8b. Effect of stress history on dense sand (Verdugo,
1992).

account the fines content, because the maximum and
minimum densities are influenced by the fine particles.
Besides, the procedure to determine the maximum
density is also dependent on the fines content of the
sand, being recommended the use of vibration when
the fines content is less than 12 to 15%, whereas for
higher fines contents the use of Proctor compaction
test is used. To investigate the effect of fines on the
maximum and minimum densities a comprehensive
series of tests was carried out by Verdugo & Viertel
(2004) on copper tailings sands retrieved from the
main dike of a Chilean tailings dam. The original
sample was separated in two batches: clean sand free
of fines and tailings with 100% of particles passing
mesh # 200 (0.074 mm). The grain size curves are
shown in Fig. 9 and the particle shapes can be appre-
ciated in the photos presented in Fig. 10.

The angularity in all the particles is readily appar-
ent, especially in the case the finer particles. The
fine-grained tailings are from the dike and they classify
as non-plastic soil.

Using these two batches of tailings homogeneous
mixtures of tailings with 2, 5, 10, 28, 40, 50, 60 and
100% of fines contents were prepared. The original
tailings sand existing in the embankment with 18% of
fines was also included as another homogeneous mix-
ture. In all these mixtures the maximum and minimum
densities were evaluated and in some of them Modi-
fied Proctor tests were also carried out. Placing the soil
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Figure 10. Particle shape of sand fraction and fines from
the dike.

in a container using a paper funnel of conical shape the
minimum densities were determined (Verdugo et al.
1996). The results of these tests are shown in Fig. 11
and summarized in Table No. 1.

It is interesting to observe that up to fines contents
in the range of 60 to 70%, the maximum dry densities
obtained by vibration are slightly higher than the val-
ues obtained by the Modified Proctor. Therefore, in the
case of non-plastic fines the concept of relative density
holds valid well above 15% of fines content, confirm-
ing previous results reported by Verdugo (1997).

A study related to the characteristics of maximum
and minimum void ratios of natural sands reported
by Cubrinovski et al. (2002) indicates the existence
of a good correlation between these two indices.
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Figure 11. Maximum and minimum void ratios as function
of fines content.

The maximum and minimum void ratios obtained in
the present investigation are plotted in Fig. 12 together
with the proposed correlations established by Cubri-
novski et al., (2002). It can be seen that tailings sandy
soils develop lower minimum void ratios or higher
maximum void ratio than natural sands. According
to the presented data, it is possible to point out that,
tailings sands containing non-plastic fines achieve par-
ticular values of maximum and minimum void ratios
that differ from the values reported by natural sandy
soils. It is important to remark that these non-plastic
fines are constituted mainly by particles with sizes in
the range associated with silty soils. However, they
have been created artificially by crushing fresh rocks,
and therefore, in terms of behaviour they are closer to
a fine sand than to a silty soil.

2.6 Cyclic resistance ratio

The experimental evidence indicates that mechanical
properties of silty sands are largely controlled by the
amount of fines and by the plasticity of these fines
(Verdugo & Viertel 2004; Polito & Martin, 2001; Ni
et al., 2004). For cooper tailings, Troncoso & Verdugo
(1985) studied the effect of fines content on the cyclic
strength of tailings sands testing reconstituted sam-
ples compacted at the same initial void ratio. Test
results associated with the number of cycles required
to 100% of pore water pressure build-up are shown
in Fig. 13, evidencing the degradation of cyclic resis-
tance exhibited by the tailing sands with the presence
of low plastic tailing fines. It is important to mention
that these results have been obtained for samples com-
pacted at the same initial void ratio, which means that
each series of soil batch has different relative density,
or degree of compaction.

Ishihara et al. (1980) reported the results of a series
of cyclic triaxial tests conducted on different tailings
sands at different void ratios. The test results are sum-
marized in Fig. 14, where it is possible to observe that
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Table 1. Maximum and minimum dry densities.

Fines γmin (t/m3) γmax (t/m3) γmax (t/m3) ωopt (%)
Content (%) (Cone paper) (vibration) (M. Proctor) (M. Proctor)

2 1.298 1.659
5 1.284 1.689

10 1.283 1.744
18 1.216 1.773 1.767 14.0
28 1.203 1.839
40 1.191 1.882
50 1.174 1.887 1.868 11.7
60 1.171 1.877

100 1.023 1.724 1.802 14.0
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Figure 12. Maximum and minimum void ratios of tailings
and natural sands.

Figure 13. Effect of fines on the cyclic strength
(Troncoso & Verdugo, 1985).

the cyclic strength decreases consistently with increase
in the void ratio, confirming the effect of density.

Test results obtained in ‘‘undisturbed’’ samples of
tailings with different particle sizes were compiled by
Garga et al., (1984). The cyclic stress ratio to cause
5% double amplitude strain in ten cycles is shown
in Fig. 15. For sand-sized materials, these data have
been normalized to 50% relative density, but for the
fine-grained materials no adjustment has been made.

Figure 14. Variation of cyclic strength with void ratio
(Ishihara et al., 1980).

Figure 15. Variation of cyclic stress ratio with grain size in
Tailings (Garga, 1984).

According to these data, the normalized cyclic strength
of the sand-sized materials falls within a relatively
narrow range, and it increases for the clayey tailings.

Using the same tailings described in section 2.5,
a comprehensive series of cyclic triaxial tests on com-
pacted samples was carried out by Verdugo & Viertel
(2004), some which results are presented in Figs. 16,
in terms of cyclic stress ratio and number of cycles
associated with 100% of pore water pressure build-up
for the tailings mixture of 18% fines content.
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The general trend observed in each of these curves
follows what has been reported in the literature for
other sandy soils. For practical purposes, the cyclic
strength associated with 20 cycles of loading, R20, can
be considered an appropriate value for representing
the cyclic strength of each curve. Accordingly, R20 is
plotted in Fig. 17 for each fines content and relative
density.

It is observed that in the range of fines content
that has been studied, the cyclic strength consistently
decreases as the fines content increases, independently
of the degree of densification.

Furthermore, for fines contents of 2 and 10%, the
cyclic strength as a function of relative density fol-
lows a similar trend. There is a sharp increase in the
cyclic strength from approximately a relative den-
sity of 50%. While for fines contents of 28%, the
cyclic strength increases monotonically with the rel-
ative density. On the other hand, the mixture of 18%
of fines shows an intermediate behavior with a rather
pronounced increase in strength approximately from
a relative density of 80%. The existence of a thresh-
old value of relative density above which the cyclic
strength increases drastically has been reported by
Tatsuoka et al. (1982) for Toyoura sand samples tested
on cyclic torsional simple shear tests. Considering the
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Figure 16. Cyclic strength for different relative densities.
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Figure 17. Cyclic strength as a function of relative density
for different fines content.

cyclic strength associated with a 15% of shear strain
in double amplitude achieved in 20 cycles, Tatsuoka
et al. (1982) reported for Toyoura sand a threshold
value of relative density around 83%. This value is
quite close to the threshold relative density exhibited
by the tailing mixture of 18% of fines content. It is also
interesting to indicate that the tailings mixtures with
less fine-grained material present a cyclic strength
higher than Toyoura sand in the complete range of
relative density. These results are suggesting that cop-
per tailings materials with low amount of non-plastic
fines develop a high cyclic strength, probably associ-
ated with the considerable angularity and hardness of
the particles.

Although it has been shown that relative density
is a suitable parameter when non-plastic fines are
involved, the previous results are presented again, but
using just the sample void ratios, which is a straight-
forward representation of the effect of density on these
experimental results as shown Fig. 18.

It can be seen that similar conclusions can drawn,
confirming that in the wide range of non-plastic fines
content that has been used, the cyclic strength consis-
tently increases as the void ratio decreases, and as the
fines content increases the cyclic strength decreases.

These results suggest that the mixtures containing
non-plastic fines are always affected by the pres-
ence of these fines, regardless of how small is the
amount of fines. A possible explanation is related
to the actual location of the fines in a rather homo-
geneous mixture. It is possible to hypothesize that
part of the fines will cover the larger sand particles
and therefore, some of the contacts between sand
grains would be contaminated with fines, which would
affect to some extend the resulting overall mechan-
ical response. Obviously, a very small amount of
fines would affect only few contacts and the result-
ing effect would be small. On the other hand, when
the amount of fines is large enough, so that the
voids are completely filled with fines, the contacts
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Figure 18. Cyclic strength as a function of void ratio for
different fines contents.
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between particles will take place mainly through-
out the fines matrix, and the overall behavior would
be controlled by the fine fraction. Hence, it is pos-
sible to indicate that the concept of sand skeleton
usually used to model the effect of fines is inap-
propriate because always a part of the existing fines
will contaminate some of the contacts between larger
particles, which will definitely alter the mechanical
response.

These experimental results resume the effects of
density and fines content on the cyclic strength of
tailing sands, which has a tremendous practical appli-
cation on the design and operation of a conventional
tailing dam. First, the seismic analysis permits to
establish the cyclic strength that ensure the required
stability, then using the above-presented results all
the possible combinations of fines content and rel-
ative density that satisfy the needed cyclic strength
can be obtained. Therefore, during the tailing dam
construction it is possible to have a flexible design
playing with the requested density according to the
fines content produced by the cycloning process.

2.7 Undrained steady state strength

Series of CIU triaxial tests were carried out on the
same tailings sand described above. The steady state
lines defined by these tests are shown in the e-p’
plane in Fig. 19. It can be seen that as the fines content
increases the location of the steady state lines move
down, suggesting an increase in the compressibility
of the mixture. Nevertheless, the slope of the steady
state lines is maintained unaffected by the presence of
fines in the mixtures.

On the other hand, all the data fall in a rather unique
straight line in the q-p’ plane that is associated to an
angle of internal friction of 35◦, which means that the
frictional resistance of these soils is not affected by
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Figure 19. Steady state lines for mixtures of different fines
content.

the finer fraction. Therefore, it is possible to conclude
that the non-plastic fines affect the general structure
of the tailing sandy mixtures, at least, in the range of
2 to 30%, making them more contractive as the fines
content increases.

2.8 Monotonic drained strength

During monotonic drained loading conditions, the
mobilized strength of a cohesionless material can be
well characterized by the angle of internal friction.
For cohesionless copper tailings, at the same initial
value of void ratio, e = 0.90, the variation of the angle
of internal friction with fines content is presented in
Fig. 20 (Troncoso & Verdugo, 1985).

It is interesting to notice that for the range of confin-
ing pressure used, 1 to 5 kg/cm2, the angle of internal
friction mobilized at the peak failure is rather high,
suggesting that tailing sands can develop high fric-
tional resistance due to the angularity and hardness
of the particles. Similar results have been reported by
Pettibone et al. (1971) and others researchers. Further-
more, it can be observed that keeping the same initial
void ratio, the angle of internal friction decreases as
the fines content increases, suggesting that the lower
the fines content the higher the strength.

2.9 Shear modulus and damping ratio

Provided that there is no generation of pore water pres-
sure during seismic disturbances (dense sands, non-
saturated sand), an alternative to model the seismic
response of tailings dams is using the Equivalent Lin-
ear Method. In this condition both the shear modulus
degradation curve and the variation of the damping
ratio with the level of deformations are needed.

Test results of these parameters obtained in cop-
per tailings sands using resonant column have been
reported by Rojas et al. (1985) and they are presented
in Figs. 21 and 22. It can be seen that in tailings sands
the degradation of the shear modulus with the level
of strain is less pronounced than the one reported for

Figure 20. Angle of friction and fines content (Troncoso
et al., 1985).
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Figure 21. Degradation of shear modulus (Rojas et al.,
1985).

Figure 22. Damping ratio (Rojas et al., 1985).

natural sandy soils and the damping ratio achieves less
values than natural sandy soils.

On the other hand, the effect of fines content on the
degradation of the shear modulus has been reported by
Troncoso & Verdugo (1985) and shown in Fig. 23. It is
noticeable that, for any level of strain, shear modulus
decreases as the fines content increases. Therefore,
higher stiffness can be expected in cycloned tailings
sands as the fines content decreases.

2.10 Effect of initial fabric

During the genesis of any soil deposit, the sedimen-
tation and placement of soil particles is affected by
the gravity force, which generates a preferential parti-
cle orientation that makes anisotropic soil structures.
Casagrande et al. (1944) named this initial anisotropy
caused by the geological process of deposition Inher-
ent Anisotropy. Depending upon the environmental
conditions existing during the sedimentation process,
the inherent anisotropy may affect significantly the
soil response. This situation is particularly impor-
tant in hydraulic fills as the case of tailing dams,
where there is not only a preferential orientation
of particles, but also a segregation that results in
a heterogeneous structure. Hence it is strongly rec-
ommended the evaluation of geotechnical properties
using samples with the actual structure generated in
the field.

Nevertheless, in saturated tailing sands, the field
operation to retrieve ‘‘undisturbed’’ samples for being
tested in the laboratory is complicated and expensive.
Furthermore, at the beginning of the projects, when
the tailing dams are not yet constructed, ‘‘undisturbed’’
samples are not available. Consequently, the alterna-
tive of testing reconstituted specimens compacted at
the same density expected in the field it is always
attractive, but it can not be ignored that the initial fab-
ric or structure may have an important effect on the
soil parameters, and therefore efforts has to be done in
order to reproduce the expected actual soil structure.

Figure 23. Shear modulus and fines content, (Troncoso &
Verdugo, 1985).
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Regarding the undrained steady state strength
developed at large strains, there is experimental evi-
dence showing that this parameter is independent
of the initial inherent anisotropy or initial particle
arrangements. However, it has been also shown that
the steady state strength of non-homogeneous sam-
ples is strongly dependent on the initial configuration
of particles, which suggests that even pretty large
deformations are not able to erase the initial hetero-
geneity (Verdugo, 1992; Verdugo et al., 1995). Hence,
it is proposed to divide the initial arrangement of soil
particle in two groups as indicated in Fig. 24.

Firstly, it is possible to identify those homogeneous
initial arrangements of soil particles that can be com-
pletely broken down at large deformation, and there-
fore can mobilize a unique steady state line. In the
second group are those particle configurations of het-
erogeneous distribution of grains that can not be fully
erased by large deformations, independently of how
large the strains are. Tailing sand deposits are in this
second group.

Triaxial tests data obtained from both reconstituted
and ‘‘undisturbed’’ samples of tailing sands have been
reported by Castro et al. (1989), and shown in Fig. 25.
It is readily apparent that there is a significant differ-
ence between the undrained strength of ‘‘undisturbed’’
and reconstituted samples.

These experimental results confirm that an initial
heterogeneous structure is not erased at large defor-
mation and it develops a different undrained steady

Figure 24. Proposed division of initial arrangement of soil
particle.

Figure 25. Undrained steady state strength from reconsti-
tuted and ‘‘undisturbed’’ samples (Castro et al.,1989).

Figure 26. Aging effect on the cyclic strength of tailing
sands (Troncoso et al., 1988).

state strength respect to the one reached by the homo-
geneous soil mass. Then, for the geotechnical charac-
terization of tailing deposits the use of ‘‘undisturbed’’
samples is strongly recommended.

2.11 Liquefaction and aging

It has been generally recognized that the liquefaction
resistance (cyclic mobility) tends to increase with the
age of the deposit, what can be associated to the devel-
opment of light cementation or some welding at points
of grain contact. To study the effect of the time of depo-
sition in the cyclic strength of tailing sands, series of
cyclic triaxial tests have been performed on ‘‘undis-
turbed’’ samples retrieved from an old tailing dam at
different depth, which basically means different age of
the samples. In addition, tests on fresh samples recon-
stituted in the laboratory were carried out (Troncoso
et al., 1988). The test results are summarized in Fig. 26,
indicating that the cyclic stress ratio required to pro-
duce a state of softening with 5% double amplitude
strain tends to increase by a factor of 3.5, 2.4 and 2
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for the samples of 30, 5 and 1 years of sustained
deposition, respectively.

Therefore, it is strongly recommended to estimate
the effect of aging for stability analysis during the
abandon period. This type of study can be done when
the tailings dam has been in operation for several
years, so it is possible to retrieve samples at different
depths, which are associated to different years of depo-
sition. Testing this batch of ‘‘undisturbed’’ samples,
it is possible to establish the variation of the cyclic
strength with the age of deposition, which allows an
estimation of the improvement of the cyclic resistance
with time.

3 LARGE EARTH DAMS

3.1 Rockfill and gravel-fill dams

Because of the intrinsic exceptional geotechnical prop-
erties of coarse materials, they are normally used in
the construction of large earth dams. These materi-
als are used in Concrete Face Rockfill Dam (CFRD)
and Concrete Face Gravel-fill Dam (CFGD). These
types of dams have increased in number throughout
the world mainly because of the following two reasons:
modern CFRD is a high quality dam type from all tech-
nical standpoints and the CFRD is often the lowest-cost
dam type when the material is readily available at site
(Sherard & Cooke,1987).

However, coarse materials as rockfill, cobbles and
gravel always present difficulties in the evaluation of
their properties, commonly due to the lack of suf-
ficiently large equipment to test large size particles.
Hence in rockfill and gravel-fill dam projects, the
available information related to mechanical proper-
ties of the coarse material of the fill is quite limited.
Additionally, an important aspect to bear in mind is
associated with the post construction deformations,
which might affect the concrete face.

Therefore, evaluation of mechanical properties and
long term deformations are two important issues that
have to be faced on the design of a rockfill and gravel-
fill dams. These topics are addressed in the following
sections.

3.2 Evaluation of mechanical properties
of coarse soils

Different methods to evaluate mechanical properties
of coarse soils have been proposed, which involve
testing of ‘‘equivalent’’ soil samples, free of over-
sized particles. The matrix model method, the parallel
gradation method and the scalping and replacement
method are the most commonly used methods. In the
matrix model, the original coarse soil is divided in
two parts: oversized particles and matrix material.
The definition of oversize is arbitrary, and it is related

to the maximum particle size that can be tested in the
available equipment. It is assumed in this method that
the oversized particles are in a ‘‘floating’’ state, mean-
ing that these particles have little or no contact between
them. The matrix material to be tested is compacted to
a density that has to be estimated, corresponding
to the actual density of the soil matrix in the field
(Siddiqi et al., 1987; 1991; Fragaszy et al., 1990; 1992).
Therefore, the use if this procedure is limited by the
validity of the assumption that the oversized particles
are ‘‘floating’’ and the accuracy of the procedure to
estimate the actual density of the soil matrix in the
field.

In the scalping-replacement method, all those par-
ticles that are considered oversized with respect to the
available testing equipment are scalped and replaced
with an equal weight of a smaller particle range
(Donaghe & Torrey, 1979). This procedure changes
drastically the original soil gradation and, although
some experimental data have shown promising results,
there is no real evidence to support the equivalence
between the original soil and the artificially created
batch of soil scalped and replaced.

In the parallel gradation method, the oversized par-
ticles are scalped and a new batch of soil is prepared
using the original material, which has a grain size dis-
tribution curve parallel (in the common semi log scale)
to that of the original sample (Lowe, 1964; Marachi
et al., 1972; Verdugo et al., 2003; Varadajan et al.,
2003). The main advantage of this procedure is that
the soil gradation is maintained. However, depend-
ing upon the particular characteristics of each soil, the
mineralogy and hardness of grains, particle shape, and
particle roughness, may be different and function of
the particle size (Al-Hussaini, 1983; Cho et al., 2005;
Lee et al., 1967; Santamarina et al., 2003 & 2004).
In granular soils where these factors are similar for
all particle sizes, the parallel gradation method can be
seen as an attractive alternative.

Verdugo & De La Hoz (2006) reported test results
of gravelly soils using the parallel gradation method.
The grain size distribution curves and the maximum
and minimum densities of one of the material tested
are presented in Fig. 27. It is interesting to observe
that the maximum and minimum densities are rather
similar, regardless of the mean grain size, D50. All tests
were performed on samples compacted to an initial
relative density of 70% and in a range of confining
pressure between 20 and 600 kPa.

The stress-strain curves and the volumetric strains
of these batches are presented in Fig. 28.

It can be observed that both peak strength and stiff-
ness are similar for the different batches.

The stress-strain curves present an initial linear
portion that can be represented by the deformation
modulus, E50 (stiffness associated with a stress level
equal to half of the peak strength), which results are
presented in Fig. 29. It is observed that the parallel
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gradations are able to capture the essential mechanical
response of the soils, showing the same expression
for E50:

E50 = 175(σ3)
0.79 (MPa) (1)
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Figure 27. Grain size distribution curves and maximum and
minimum densities of samples M-2.

0.0

0.2

0.4

0.6

0.8

1.0

1.2

1.4

1.6

0 2 4 6 8 10 12 14 16 18 20
Axial strain , εa [%]

D
ev

ia
to

ri
c 

st
re

ss
, 

Δσ
 [

M
Pa

]

σ0' = 50 kPa

σ0' = 100 kPa

σ0' = 300 kPa

M-2

-1.0

0.0

1.0

2.0

3.0

4.0

5.0

6.0

0 2 4 6 8 10 12 14 16 18 20
Axial strain , εa [%]

V
ol

um
et

ri
c 

st
ra

in
, [

%
]

D50 = 3.93 mm
D50 = 1.85 mm
D50 = 0.71 mm

M-2

σ0' = 50 kPa

σ0' = 100 kPa

σ0' = 300 

Figure 28. Stress-strain curves and volumetric strains
obtained in samples M-2.

E = 175  σ3
0.79

E = 239 σ3
0.46

1

10

100

1000

0.11.00.0

Confining pressure, σ3 [MPa]

M
od

ul
us

 o
f 

de
fo

rm
at

io
n,

 E
50

 [
M

Pa
]

M-2

M-1

Figure 29. Deformation Modulus, E50 for samples M-2.

3.3 Post-construction deformations

A study of the behavior of the Chilean largest earth
dams conducted for the Ministry of Public Work
permitted the analysis of the variation of the static
deformation modulus of rockfill and gravel-fill dams.
In this study, long term post-construction settlements
monitored on three Chilean earth dams were used to
estimate the time variation of the deformation mod-
ulus these coarse materials. Basic information of the
analyzed dams is indicated in Table 2.

The static dam response was modeled using a
perfect elasto-plastic stress-strain relationship, imple-
mented in the computer code FLAC. The evaluation
of the deformation modulus was performed by a try
and error process until the calculated and observed
dam settlements matched.

The main body of Cogoti dam was finished in 1938
and the vertical deformations have been monitored
since that time. The dam was finally completed in
1940.

This dam was constructed with blasted rock with-
out compaction. In its first 15 meters, rockfill with
a maximum size of 1.5 meters were just dumped in
the dam site by gravity. In the following raises, rock-
fill with a maximum size of 1.3 meters was placed
by mechanical means and it was slightly compacted
by the construction procedure associated to the traffic

Table 2. Monitored chilean dams.

Dam Cogoti Conchi Santa Juana

Completion year 1940 1975 1995
Foundation type Rock Rock Rock fluvial
Dam type CFRD CFRD CFGD
Height (m) 82.7 66.0 113.4
Crest length (m) 160 200 390
Upstream 1.45:1 1.5:1 1.5:1
Slope (H:V)
Downstream 1.5:1 1.5:1 1.6:1
Slope (H:V)
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Figure 30. General view of Cogoti dam.

of trucks. Consequently this dam is a good example
of a coarse material dam on a very loose state of
compaction. A general view of Cogoti dam is shown
in Fig. 30.

Conchi dam, completed in 1975, was constructed
with rockfill of a maximum size of 0.65 m. Great
effort to compact the rockfill was applied. The avail-
able information indicates that the compacted fill
reached a degree of compaction associated with a rel-
ative density greater than 90%. Fig. 31 presents a
general view of Conchi dam.

Santa Juana dam, completed in 1995, was con-
structed with rockfill and gravely particles with max-
imum sizes of 1 and 0.65 m in the upstream and
downstream supporting shoulders, respectively. Com-
paction was also applied to the fill. A general view of
Santa Juana dam is shown in Fig. 32.

The settlements along the crest of Cogoti dam for
different years are shown in Fig. 33. It is interesting
to observe that the maximum settlements do not take
place at the location of the maximum height of the dam,
but they systematically occur above the point where a
change in the slope of the bedrock exists.

The maximum static vertical deformations mea-
sured at different time and for the three dams are shown
in Fig. 34. It can be observed, that Cogotí dam presents
the greatest settlements compared to the others two
dams. According to the study, this can be attributed to
the uncompacted fill of Cogotí dam.

Figure 31a. General view of Conchi dam.

Figure 31b. General view of Conchi dam.

Figure 32. General view of Santa Juana dam.

In the numerical analysis of these settlements, an
elasto-plastic constitutive law with the Mohr-Coulomb
failure criterion was selected. This model was consid-
ered to be a reasonable approximation of the mechan-
ical behavior of these dams in view of the fact that the
analyzed dams have developed a mechanical response
that is far from failure. A constant Poisson‘s ratio equal
to 0.3 was assumed for all the cases.

The computed values of the deformation modulus at
different time after completion the dams were normal-
ized by the computed deformation modulus at 1 year
of dam completion, E1. The resulting variation of
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the normalized deformation modulus (E/E1) with the
number of years after completion is shown in Fig. 35.
These results indicated that the time effect on the static
deformation modulus can be expressed as follows:

E = E1(t/t1)−0.35 (2)

Where, t represents time in years after completion and
t1 is 1 year after the end of construction. This defor-
mation modulus is associated to the total accumulated
settlements. Therefore, the use of this expression is
related to the long term settlement evaluation.

4 SUMMARY

The performance-based seismic design is strongly
encouraged by structural engineers that have observed
heavy financial losses in recent earthquakes. Struc-
tures designed according to current codes performed
well in terms of life safety, but financial losses have
been surprisingly high. This comes from the fact
that the main investments in building construction
are made in the non-structure components and con-
tents. Therefore, it is evident that the fundamental
issue of building code provisions to guaranty struc-
tures integrity, in terms of no collapse against strong
ground motion, is definitely insufficient to be con-
sidered a successful seismic behavior to the society.
In this context the performance-based seismic design
would help to reduce the financial losses associated
with the non-structure components and contents.

Formally, the use of PBSD is less common in
geotechnical engineering. However, the earthquake
geotechnical community is quite familiar in predicting
permanent displacements of earth structures, which
basically mean a criterion of performance as opposed
to the classical concept of limit equilibrium.

One important issue of PBSD is associated with the
intention of involving stakeholders (owners, insurers
and regulators) in the decisions concerning the choose
of target performances of an earth structure during and
after seismic events, sharing in this way the decision-
making process. In spite of the benefits, it is important
to take into account that the results of combining both
complex technical solutions and investment decision
are at least risky.

The second important issue of PBSD is related to
the premise that seismic performance levels can be
predicted analytically, permitting that the cost associ-
ated with each level can be rationally evaluated. From
a scientific point of view, there is a reasonable knowl-
edge of soil and rock mechanics behavior that has
been incorporated into numerical models. However, in
engineering practice the real situation is less promis-
ing, especially when three dimensional analysis is
needed. Additionally, in the case of dam engineering,
practitioners have to face the geotechnical character-
ization of rockfill materials, but, normally there is a
lack of available testing apparatuses for these coarse
soils, which means that in the design, geotechnical
properties have to be estimated.

In this context, the actual capability of predicting
the seismic performance is quite limited. Conse-
quently, it is important to recognize that the real
application of the PBSD in professional practice is
years away, but it is also important to admit that this
design criterion is attractive and efforts have to be
done in order to make it closer to practitioners.

In the PBSD of tailings dams, the liquefaction
resistance of the tailings sands play an important
role, and this resistance is affected by density and

57

©2009 Taylor & Francis Group, London, UK

  



the fines content. Therefore, theses effects have to be
understood. On the hand, the PBSD of concrete face
rockfill dams needs the mechanical properties of
the coarse fill used in these dams. However, suf-
ficiently large machines to test these materials are
not usually available, so alternative procedures to
obtain the required properties are needed. As can be
expected, material properties are an important issue in
the application of the PBSD and their evaluation and
understanding is strongly needed.

In the design of tailings dams there are two impor-
tant issues that control the liquefaction strength of
the tailings; density and fines contents. Accordingly,
results of a comprehensive study carried out on differ-
ent mixtures of sand and fines compacted at different
densities have been presented.

The maximum density obtained by the Modified
Proctor test is only slightly lower than the maximum
density achieved by vibration, even for a 50% of fines.
Hence, it is possible to indicate that the concept of
relative density holds valid for this tailings sand even
with 50% fines or more.

The experimental results show that the cyclic
strength decreases as the fines content increases. Mix-
tures with 2 and 10% of fines content present a sharp
increase in cyclic strength from a relative density
around 50%, while mixtures with 18 and 28% of
fines content present only a gradual increase of cyclic
strength with relative density.

A rather unique steady state line in the q-p′ plane
was obtained for all the mixtures, indicating a constant
residual angle of internal friction of 35◦, regardless the
fines content.

Fines content affect the position of the steady state
lines in the e-p’ plane. The higher the fines content the
lower the position of the steady state line. However,
the fines do not affect the slope of the steady state
lines.

The amount of non-plastic fines used in this study
affect the soil structure making it more contractive,
and therefore, more sensitive to liquefaction.

From the seismic analysis, the required cyclic
strength can be established and from the presented
results, the possible combinations of fines content
and relative density that satisfy the required cyclic
strength can be obtained. Therefore, during the tail-
ing dam construction it is possible to have a flexible
design playing with the requested density according to
the fines content produced by the cycloning process.

In the case of large earth dam, these days the
most common adopted design corresponds to Con-
crete Face Rockfill Dam and Concrete Face Gravel-
fill Dam. These types of dams have increased in
number throughout the world mainly because of the
good behavior from all technical standpoints and also
due to the lower cost. Coarse materials as rockfill,
cobbles and gravel always present difficulties in the
evaluation of their properties, commonly due to the

lack of available equipment to test large particles.
An alternative procedure to evaluate the mechanical
properties is the parallel gradation method. The over-
sized particles are scalped and a new batch of soil is
prepared using the original material, which has a grain
size distribution curve parallel (in the common semi
log scale) to that of the original sample. The main
advantage of this procedure is that the soil gradation
is maintained.

Experimental results indicate that the parallel gra-
dation method provides a quite reasonable procedure
to evaluate the geomechanical response of coarse gran-
ular materials.

Another issue of Concrete Face Rockfill and Gravel-
fill dams is associated with the long term deformation
which might affect the concrete face. Using a simple
elasto-plastic stress-strain relationship, the measure-
ments of three Chilean dams were reproduced and the
deformation modulus computed. The relationship that
reproduced the calculated values of the deformation
modulus can be expressed in the form: E = E1 (t/t1)b,
where E1 (deformation modulus associated to the
settlement of the dam at 1 year after construction)
depends upon the dam material, and the parameter b
has shown to be a constant value for rockfill dams;
b = −0.35.
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Gravel drains for the remediation of liquefiable sites:
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ABSTRACT: This paper revisits the seminal work of Seed & Booker (1977) on the design of gravel drains for
liquefaction mitigation. It shows that their basic mathematical assumption for the earthquake-induced excess
pore pressure generation process overlooks the shake-down effects of fabric evolution during cyclic loading
and eventually leads to an underestimation of the gravel drain effectiveness. Hence, a new implementation of
the equation for the rate of undrained excess pore pressure generation, with insight to the mechanism of the
soil deformation, leads to a more realistic estimation of the effectiveness of gravel drains, that is backed by
experimental measurements from shaking table tests and numerical simulations with appropriate constitutive
modeling. The paper ends with the proposal of a new set of charts for a more realistic design of gravel drains
for liquefaction mitigation.

1 INTRODUCTION

The installation of gravel piles accompanied by vibra-
tory compaction of the surrounding loose sand deposits
(Fig. 1) is one of the most widely used methods for
liquefaction mitigation worldwide. In such cases, the
main function of the gravel piles is twofold: they
increase the liquefaction strength of the sand by increa-
sing the insitu density, and also retard the excess pore
pressure build-up by triggering radial drainage, from
the sandy ground towards the more permeable gravel
piles. In principle at least, the presence of the rela-
tively stiffer gravel piles may also lead to redistribution
of the shear stresses and strains induced by seismic
shaking, so that the stresses and strains applied to
the improved ground are reduced and the margins of
safety against liquefaction are thus enhanced (Priebe,
1989 & 1991, Baez & Martin, 1993, Adalier et al.,
2003). Nevertheless, for the gravel pile configurations
which are usually employed in practice (i.e. with area
replacement ratios as = 10 to 25%), the reduction in
ground stresses and strains is marginal and may even
be overshadowed by the possible amplification of the
seismic shaking within the improved ground (Adalier
et al., 2003, Bouckovalas et al., 2006, Papadimitriou
et al., 2006).

When this method is applied within an urban
environment, or in order to improve existing foun-
dations, vibration is partially or totally avoided during
pile installation, so that ground improvement relies
solely upon the drainage function of the gravel piles
(Saito et al., 1987, Mitchell & Wentz, 1991, Mitchell
et al., 1995, TC4, 2001, Adalier & Elgamal, 2004,
Towhata, 2007, Yasuda, 2007). Thus, it has been
recently proposed that prefabricated plastic or metal
pipe drains replace the traditional gravel piles in
such applications, as they cause limited environmen-
tal impact, while they require simpler mechanical
equipment and less working space (Rollins, 2004,
Rollins et al., 2004, Harada et al., 2006, Kamai et al.,
2007, Marinucci et al., 2008). Furthermore, they are
much more permeable than gravel piles, and better
protected against clogging due to sand and silt infiltra-
tion, so that they diffuse concerns expressed in the past
(e.g. Onoue, 1988, Boulanger et al., 1998) about the act-
ual capacity of gravel piles to trigger drainage in the field.

Seed & Booker (1977) were pioneers in propos-
ing an analytical method for the evaluation of radial
drainage effects on earthquake induced excess pore
pressures, for the case of uniform ground and for
drain wells of infinitely large permeability. Their
method can be handily applied via design charts which
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Figure 1. (a) Arrangement of gravel drain system, (b) Gravel drain with radial drainage only (Seed and Booker, 1977).

account consistently for soil properties and seismic
motion characteristics. As such, it has been estab-
lished in practice today, having been adopted by a
number of contemporary design handbooks and guide-
lines worldwide (e.g. JGS, 1998, USACE, 1999, INA,
2001).

Although, for many years, the relevant research
was not given priority over the investigation of meth-
ods for liquefaction-induced hazard assessment, a
number of valuable studies have succeeded to lift
some of the simplifying assumptions introduced by
Seed & Booker (1977) and improve the accuracy of
analytical predictions. Of these newer method vari-
ants, one that has attracted considerable attention
is the work of Onoue (1988), who used the drain
permeability kd as a design parameter that created
the so-called dimensionless drain resistance L, which
reduces the dissipating capability of drains if the kd
value is not significantly larger than that of the nat-
ural soil ks. Furthermore, Onoue (1988) studied the
problem of combined horizontal (towards the drains)
and vertical upward dissipation of excess pore pres-
sures through the sand layer to the ground surface
that may occur if the layer in question is not cov-
ered by a low-permeability layer (e.g. a clay cap). In
parallel, Matsubara et al. (1988) and Iai & Koizumi
(1986) proposed similar method variants, with rel-
atively small differences on the dissipating capacity

of the drains, as a function of the drain resistance L
factor. More recently, Madhav & Adapa (2007) studied
the effects of radially variable ground densification,
as well as of the possible dilation of the gravel pile
material.

Apart from the applied refinements, the basic dif-
ferential equations which are used in all previous meth-
ods to describe the build up and dissipation of excess
pore pressures in the liquefiable sand are essentially
common. In this paper, we show that one of these com-
mon assumptions, namely that concerning the rate of
excess pore pressure build up in the natural ground,
may have been misinterpreted in the mathematical for-
mulation of the problem, leading to overrated pre-
dictions of excess pore pressures. Consequently, new
design charts are produced for the same conditions
examined in the pioneering work of Seed & Booker
(1977) and examples are given for the potential benefit
from their use in practice.

2 BASIC EQUATIONS

To aid the reader focus upon the proposed changes, we
quote hereafter (in italics) the derivation of the basic
governing equations from the original paper by Seed &
Booker (1977). It should be noted in advance, that the
same equations are also adopted by this study, with
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the exception of Eq. 8 for the rate of pore pressure
build up in the soil due to seismic shaking which is
re-examined in the next section.

‘‘In developing the basic equations governing the
generation and dissipation of pore water pressure
throughout a granular material, it will be assumed
that the flow of the pore water is governed by Darcy’s
Law, so that the usual considerations of continuity of
flow lead to the equation:

∂

∂x

(
kh

γw

∂u

∂x

)
+ ∂

∂y

(
kh

γw

∂u

∂y

)
+ ∂

∂z

(
kv

γw

∂u

∂z

)
= ∂ε

∂t
(1)

in which u is the excess hydrostatic pore pressure;
kv, kh are coefficients of permeability in the vertical
and the horizontal directions; γw is the unit weight of
water; and ε is the volumetric strain, with volumetric
reduction being considered positive.

During an interval of time, dt, the pore water pres-
sure in an element of soil will undergo a change, du,
while the element will also be subjected to dN cycles of
alternating shear stress which will cause an additional
increase in pore pressure

(
∂ug

/
∂N

)
dN , in which

ug is the pore pressure generated by the alternating
shear stresses for the appropriate conditions of prior
strain history. It therefore follows, considering that
the change in bulk stress is negligible, that the volume
change dε of the element in time dt is given by:

dε = mv,3

(
du − ∂ug

∂N
dN

)
(2a)

in which mv,3 is the coefficient of volume compress-
ibility, i.e.

∂ε

∂t
= mv,3

(
∂u

∂t
− ∂ug

∂N

∂N

∂t

)
(2b)

Combining Eqs. 1 and 2b it is found that:

∂

∂x

(
kh

γw

∂u

∂x

)
+ ∂

∂y

(
kh

γw

∂u

∂y

)
+ ∂

∂z

(
kv

γw

∂u

∂z

)

=
(

∂u

∂t
− ∂ug

∂N

∂N

∂t

)
mv,3 (3)

If the coefficients of permeability and mv,3 are con-
stant and the problem exhibits radial symmetry, Eq. 3
becomes

kh

γwmv,3

(
∂2u

∂r2
+ 1

r

∂u

∂r

)
+ kv

γwmv,3

∂2u

∂z2

= ∂u

∂t
− ∂ug

∂N

∂N

∂t
(4)

and for purely vertical drainage reduces to the form
developed by Seed, Martin and Lysmer (1975)

kv

γwmv,3

∂2u

∂z2
= ∂u

∂t
− ∂ug

∂N

∂N

∂t
(5)

Under conditions of purely radial drainage, as consid-
ered in the following section, Eq. 4 reduces to

kh

γwmv,3

(
∂2u

∂r2
+ 1

r

∂u

∂r

)
= ∂u

∂t
− ∂ug

∂N

∂N

∂t
(6)

In order to evaluate the extent of pore pressure
generation and dissipation using this equation, it is
necessary to determine ∂ug/∂N and ∂N/∂t as well as
the soil properties kh and mv,3. The effective horizon-
tal permeability coefficient can best be determined by
means of a pumping testing in the field, and the value
of mv,3 by means of a cyclic loading triaxial compres-
sion test as described by Lee and Albaisa (1974). In
fact, mv,3 is not constant but varies with the pore pres-
sure ratio ru. However, it is essentially constant for
values of ru up to about 0.5, and since the object of the
drains is to keep the value of ru to a reasonably low
value, the assumption of the constant value is justified
in this case.

The values of ∂ug/∂N can be found from undrained
tests as described by Seed, Martin and Lysmer (1975).
For many soils the relationship between ug and N can
be expressed for practical purposes in terms of the
number of cycles Nl required to cause initial liquefac-
tion under the given stress conditions in the following
form (Seed et al., 1975):

ug

σ ′
o

= 2

π
sin−1

(
N

Nl

)1/2A

(7)

for which σ ′
o is the initial mean bulk effective stress for

triaxial test conditions or the initial vertical effective
stress for simple shear conditions; and A is an empiri-
cal constant that has a typical value of 0.70 (see Fig. 2).
Thus

∂ug

∂N
= σ ′

o

AπN1

l

sin2A−1 (
π
2 ru

)
cos

(
π
2 ru

) (8)

in which ru = u/σ ′
ois the pore pressure ratio.

For practical purposes, the irregular cyclic load-
ing induced by an earthquake may be converted to an

average (A = 0.70)
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Figure 2. Excezz pore-water pressure build up in cyclic
undrained simple shear tests (DeAlba et al., 1975.
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equivalent number, N eq, of uniform stress cycles at a
stress ratio τh/σ

′
o, occurring in some duration of time

td of earthquake shaking (Seed et al., 1975). Thus

∂N

∂t
= Neq

td
(9)

In using these results it must be noted that the rate
of pore pressure generation, ∂ug/∂N, depends on
the previous cyclic history of the soil and this may
be represented approximately by the accumulated
pore pressure u. Thus, for any given point at time,
ti, the appropriate rate of pore pressure generation
(∂ug/∂N )ti, must be determined by Eq. 8 correspond-
ing to a value of u existing in the soil at that time.
By this means the past history of strain cycles may be
taken into account with a reasonable degree of accu-
racy. Note, however, that the soil will increase slightly
in density due to any pore pressure dissipation that
has already occurred and this will influence the pore
pressure generation function. It is considered that this
effect is of minor importance in the overall develop-
ment of pore pressures and for practical purposes can
be neglected.’’

3 REVISED RATE OF EXCESS PORE
PRESSURE GENERATION

To gain insight to the factors affecting the rate of excess
pore pressure build up, one needs to re-examine the
derivation of Eq. 8. Namely, differentiation of Eq. 7
with respect to N , leads to the following expression
of the excess pore pressure generation rate in terms of
the normalized number of cycles, N/Nl :

∂ug

∂N
= σ ′

o

AπNl
F1F2 (10a)

where

F1 = 1

(N/Nl)1−1/2A
(10b)

and

F2 = 1√
1 − (N/Nl)1/A

(10c)

Eq. 10a is plotted in Figure 3a, while Eqs. 10b and 10c
are plotted in Figure 3b. It can now be observed that
the rate of excess pore pressure build up is not a mono-
tonic function of N/Nl . On the contrary, it decreases
rapidly at the initial stages of cyclic loading (e.g. for
N/Nl < 0.3), then it remains more or less constant
(e.g. for N/Nl = 0.3 to 0.6), and finally it increases
rapidly (e.g. for N/Nl > 0.6) to lead the sand to ini-
tial liquefaction. The response at the initial stages of
loading is almost exclusively controlled by F1, while
that at the final stages by F2.

From a physical point of view, at the initial stages
of loading the sand exhibits the typical ‘‘shake-down’’
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Figure 3. (a) Rate of excess pore-water pressure build up in
cyclic simple shear tests (b) Decoupling of competing effects
of fabric (F1) and cyclic shear strain (F2) evolution.

response generally observed during cyclic loading,
where each subsequent loading cycle induces less
plastic volumetric strain under drained cyclic loading
or less excess pore pressure increase under undrained
cyclic loading of constant strain amplitude (e.g. Fig. 4).
The mechanism behind this response is the gradual
evolution of the sand fabric towards a more stable
state, a process which continues with time t or with
number of cycles N , as long as cyclic stresses do not
cross the phase transformation line, i.e. the limiting
state between shear-induced contraction and dilation
(e.g. Ishihara et al., 1975, Ladd et al., 1977, Nemat-
Nasser & Tobita, 1982, Papadimitriou & Bouckovalas,
2002).

To this extent, it is realized that function F1 should
remain a function of N/Nl , rather than change to a
function of excess pore pressure ratio ru as suggested
by Eq. 8. Taking further into account that N = t/T ,
with T being the (predominant) period of shaking,
Eq. 10b becomes:

F1 = 1

(t/TNl)1−1/2A
(11a)

The above response is reversed at the final stages of
loading, where the rate of excess pore pressure build up
becomes higher with each subsequent loading cycle.
This is because the basic relationship used to obtain
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Figure 5. Typical results from triaxial liquefaction tests with constant cyclic stress amplitude (The Earth Technology Corp.,
1992).

excess pore pressures in terms of the number of cycles
N (see Fig. 2 and Eq. 7) comes from cyclic liquefaction
tests under constant shear stress amplitude (e.g. Fig. 5).
In such tests, the continuous decrease in effective con-
fining stresses leads to a gradual increase in the cyclic

shear strain amplitude, which has long been acknowl-
edged as the direct mechanism behind the plastic strain
and excess pore pressure accumulation during cyclic
loading. For instance, observe that in the liquefaction
test of Fig. 4, where the cyclic shear strain amplitude
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remains constant, the rate of excess pore pressure build
up does not increase at later stages of cyclic loading
but continues to decrease throughout the test.

In view of the above mechanism, it appears rea-
sonable to adopt the choice of the initial formulation
with regard to function F2, which prevails at these late
stages of cyclic loading, i.e. relate it to the ever cur-
rent value of the excess pore pressure ratio ru. Thus,
Eq. 10c remains as in Seed & Booker (1977):

F2 = 1

cos
(

π
2 ru

) (11b)

Combination of Eqs. 11a and 11b with Eq. 10a pro-
vides the final expression for the rate of excess pore
pressure build up in the sand, which replaces Eq. 8 in
the proposed solution:

∂ug

∂N
= σ ′

o

πANl

1

(t/TNl)1−1/2A cos
(

π
2 ru

) (12)

To appreciate the practical implications of this
change, one could consider the right hand side of
differential Eq. 6 which describes the pore water flow
towards the gravel drain. At the beginning of shak-
ing, excess pore pressures in the sand are low, so that
the rate of excess pore pressure dissipation, ∂u/∂t, is
less than the initially high rate of excess pore pressure
build up due to cyclic shearing, ∂ug/∂t.

As a result, excess pore pressures in the sand even-
tually increase, leading to a gradual increase of the
dissipation rate ∂u/∂t. This process continues until the
rates of excess pore pressure build up and dissipation
eventually become equal. In the case of Eq. 8, which
suggests that the rate of excess pore pressure build
up depends exclusively upon the ever current excess
pore pressure ratio ru, no further change in the excess
pore pressure should be observed from that point on
(Seed & Booker, 1977). On the contrary, according to
Eq. 12, excess pore pressures in the sand should grad-
ually decrease thereafter, for one main reason: the rate
of excess pore pressure build up will decrease as time
passes, forcing a new equilibrium between the rates
of pore pressure build up and dissipation, at lower ru
values.

Experimental and theoretical evidence in support of
the above conceptual finding is presented in Figures 6
and 7. Namely, Fig. 6 shows time histories of excess
pore pressure ratios recorded during a shaking table
test simulating the seismic response of a pile supported
model footing on liquefiable ground treated with pre-
fabricated vertical drains (Harada et al., 2006). All
recordings refer to the mid-depth of the 400 mm thick
treated zone (Silica sand, Dr = 40%), and depict the
response of the natural ground (free field) as well as the
treated ground below the footing (internal and exter-
nal side of corner pile). The prefabricated drains had

(a) (b)

2 3 4 5 6 7 8
TIME (s)
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r u
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side of pile
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side of pile

Figure 6. Effect of drains on excess pore pressure buildup (from Harada et al., 2006): (a) Plan view and cross section of test
arrangement and instrumentation. (b) Time histories of excess pore pressure ratio ru in the free field, as well as within the
improved ground.
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Figure 7. Excess pore pressure buildup for various spacing
ratios a/b of gravel drains from 2D fully coupled non-linear
numerical analyses (Papadimitriou et al., 2007).

a 22 mm diameter and were placed 60 mm apart (cor-
responding to a spacing ratio a/b ∼= 0.20) inside the
footing area and 100 mm apart (a/b ∼= 0.30) along the
footing perimeter. Shaking consisted of a main body of
twenty two sinusoidal acceleration cycles with 10 Hz
frequency and uniform (200 gal) amplitude. Observe
that, in the free field, the average excess pore pressure
ratio ru rises fast to little below unity, and remains
constant for the rest of shaking, indicating that any
effects of radial or vertical drainage are minimal in this
area. On the contrary, under the footing, average pore
pressure ratios ru remain well below unity, as a result
drain induced radial drainage. Most importantly, the
peak ru values occur at the early stages of loading and
are followed by a steady pore pressure decrease at the
later stages, just as foreseen by the revised formulation
proposed herein.

Fig. 7 shows similar evidence from 2-D fully cou-
pled non-linear dynamic analyses, where gravel drains
were simulated as equivalent gravel walls having a
thickness smaller than their diameter (Papadimitriou
et. al., 2007). In order to establish that the flow is
purely horizontal towards the drains, the liquefiable
sand layer (of 1 m thickness) was set between clayey
layers having a 1000 times lower permeability. Similar
to the experimental study, the seismic excitation was
sinusoidal, with constant acceleration amplitude and
period. It is observed again that, as the drain config-
uration becomes denser (especially for a/b ≤ 0.30)
the numerically predicted excess pore pressure time
histories attain a peak at the early stages of cyclic load-
ing, and subsequently decrease smoothly, despite that
shaking continues with undiminished intensity.

4 EXCESS PORE PRESSURE PREDICTION

In the sequel, Eq. 6 is combined with Eqs. 9 and 12
and is re-written in non-dimensional form as:

Tad

(
∂2ru

∂R2
+ 1

R

∂ru

∂R

)
= ∂u

∂t∗
− B (13a)

where

B = 1

πA

(
Neq

N

)1/2A 1

(t∗)1−1/2A cos
(

π
2 ru

) (13b)

R = r/a(≥ 1), t∗ = t/td (≥ 0) and Tad is the normal-
ized time factor given by:

Tad = khtd
γwmv,3a2

(14)

Solution of the above equation is achieved numerically,
via the Finite Difference method, for the following
initial and boundary conditions:

ru(R, t∗ = 0) = 0 (15a)

ru(R = 1, t∗) = 0 (15b)

∂ru

∂R

(
R = b/a, t∗

) = 0 (15c)

Before proceeding to the solution of Eq. 13, the
finite difference solution setup has been verified
against the original results of Seed & Booker (1977).
Hence, Fig. 8 presents a comparison of simulations for
various values of the spacing ratio a/b and Neq/Nl = 2
to their counterparts as they appeared in the origi-
nal publication. This comparison verifies the accu-
racy of the finite difference solution setup, and also
enables comparisons between the original and the
revised method predictions. Exemplary comparisons
between the results of the two methods are presented in
Figs. 9 to 12.

Specifically, Fig. 9 shows typical time histories of
the excess pore pressure ratio ru for an exemplary spac-
ing ratio a/b = 0.10 and various shaking intensities
(Neq/Nl = 1 to 4) and drainage capacities (Tad = 5
to 50). More specifically, the original predictions are
denoted by the solid lines, the revised by the solid lines
enhanced with symbols and the shaded regions denote
the differences between the two methods for each
exemplary case. Observe that the difference between

simulations

a/b = 0.00

a/b = 0.10

a/b = 0.20

a/b = 0.25

a/b = 0.30

a/b = 0.40

Figure 8. Verification of numerical solution algorithm:
reproduction of the Seed & Booker (1977) time histories of
the excess pore pressure ratio ru for various spacing ratios
a/b and Neq/Nl = 2 (continuous lines).
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Figure 9. Effect of shaking intensity (Neq/Nl) and drainage potential (Tad ) on the time history of excess pore pressure ratio
(ru) for drains at spacing ratio a/b = 0.1, as predicted by the revised and the original Seed & Booker (1977) methods.

the two methods increases as the intensity of shak-
ing Neq/Nl and the drainage capacity Tad increase,
with the revised predictions of ru being systematically
lower than the original ones. Furthermore, observe
that for the case of successful liquefaction mitigation
(i.e. when ru,max < 1.0), the revised predictions of ru
attain a peak value at the early stages of shaking and
then decrease smoothly. On the contrary, the original
predictions always increase asymptotically towards
their peak value. In qualitative terms, the response of
the revised predictions is consistent with the experi-
mental and numerical results shown earlier in Figs. 6
and 7. As such, the proposed change of Eq. 8 with
Eq. 12 seems to offer more realistic results for the
effectiveness of the gravel drains.

The original as well as the revised charts for the
computation of the peak excess pore pressure ratio
ru,max in terms of the gravel pile spacing ratio (a/b = 0
to 0.5), the drainage capacity (Tad = 2 to 200) and the

intensity of shaking (Neq/Nl = 1 to 4) are shown in
Fig. 10. To aid in the comparison between the two
sets of design charts, Fig. 11 presents the ratio of
the revised over the original ru,max values [denoted as
(ru,max)rev./(ru,max)S&B] as a function of the spacing
ratio (a/b = 0 to 0.5), the drainage capacity (Tad = 2
to 200) and the intensity of shaking (Neq/Nl = 1 to 4).

Observe that this ratio is smaller or equal than 1.0
(following the qualitative observations from Fig. 9)
and that the minimum value of the ratio seems to be
mostly a function of the intensity of shaking (decreases
with Neq/Nl) and not so much of the spacing ratio (a/b)
and the drainage capacity Tad .

In addition, to explore the potential benefit from the
proposed revisions, Fig. 12 shows the ratio of revised
over original ru,max values obtained from Fig. 11, in
terms of the original predictions of ru,max (Fig. 12a)
as well as of the revised predictions (Fig. 12b). Apart
from verifying in a more systematic manner that the
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Figure 10. Peak excess pore pressure ratios (ru,max) versus gravel pile spacing (a/b) and drainage potential (Tad ), for various
intensities of seismic shaking (Neq/Nl), based on the revised and the original methodology of Seed & Booker (1977).
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excess pore pressure ratios (ru,max) for a/b = 0 to 0.5,
Tad = 2 to 200, Neq/Nl = 1 to 4, versus: (a) the
original (ru,max)S&B predictions, (b) the revised (ru,max)rev
predictions.

revised formulation leads to smaller values of ru,max,
this figure also depicts more clearly the factors that
affect the (ru,max)rev./(ru,max)S&B ratio, i.e.

– The ratio in question is mainly a function of the
intensity of shaking (Neq/Nl) and the anticipated
value of maximum excess pore pressure ratio
(ru,max). The spacing ratio (a/b) and the drainage
potential (Tad) do not have a direct effect, but only
an indirect one through the value of ru,max.

– For moderate shaking with Neq/Nl = 1 (and associ-
ated factor of safety against liquefaction FSl = 1.0),
the (ru,max)rev./(ru,max)S&B ratio decreases gradu-
ally with the anticipated ru,max value, from 1.0 for
ru,max = 0.9–1.0 down to 0.78 (22% decrease) for
ru,max < 0.2 to 0.3.

– For more intense shaking with Neq/Nl = 2 to 4
(and associated factor of safety against liquefac-
tion FSl < 1.0), the (ru,max)rev./(ru,max)S&B ratio
dips more abruptly at high to medium values of
the anticipated ru,max, before it gradually increases
again towards the limiting value of 0.78 for ru,max <
0.2 to 0.3. The minimum values attained for inter-
mediate ru,max levels is about 0.6 (40% decrease) for
Neq/Nl = 2 and 0.45 (55% decrease) for
Neq/Nl ≥ 3.

The implications of the proposed revisions on the
design of gravel pile systems in practice are explored in
Fig. 13, in terms of the area replacement ratio as which
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mic shaking intensity (Neq/Nl), as predicted by the revised
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ison of the respective area replacement ratios [(as)rev. and
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is required to improve a liquefiable site. Computations
have been performed with the revised as well as with
the original method of Seed & Booker (1977), assum-
ing that the gravel pile arrangement will be triangular
(e.g. as in Fig. 1a) with as ∼= 0.91(a/b)2 and that the
design peak excess pore pressure ratio during shaking
is ru,max = 0.40.

The variation of computed as values with Tad and
Neq/Nl is shown in Fig. 13a, with the solid and dashed
lines depicting the values of as stemming from the
original and the revised design methods, respectively.

To make the comparison even clearer, Fig. 13b
shows the respective variation for the ratio of revised
over original as predictions [denoted as (as)rev./(as)S&B],
as a function of Tad for the various Neq/Nl values. As
expected, both the revised and the Seed & Booker
(1977) predictions for as are strongly affected by
Tad and Neq/Nl , with the revised values of as being
systematically lower than those from the original
method.

Nevertheless, their relative difference is much less
dependent on the above factors, especially Tad , with
the as ratio being approximately equal to 0.85 (15%
decrease) for moderate shaking with Neq/Nl = 1, and
0.75 to 0.85 (i.e. 15% to 25% decrease) for stronger
shaking with Neq/Nl > 2. In view of the comparisons

shown previously in Figs 11 and 12, it is reasonable
to expect a larger decrease in revised as values for
tolerable excess pore pressure ratios higher than the
ru,max = 0.40 limit.

5 REVISED DESIGN CHARTS

Application of the revised methodology in practice
may rely on the charts of Fig. 9 which resemble
the ones which are currently in use. Nevertheless,
one additional advantage from the proposed revisions
is that the number of necessary charts may now be
reduced to cases of seismic intensity with Neq/Nl ≤ 2.

To substantiate this simplification, Fig 14 shows
the effect of Neq/Nl on the peak excess pore pressure
ratio (ru,max) and the time that this peak occurs relative
to the duration of shaking required to cause liquefac-
tion in the unimproved ground tl , denoted by the ratio
(t/tl)max in Fig. 14. In addition, Fig. 15 shows the
effect of Neq/Nl on the whole excess pore pressure time
history ru − t/tl , the results of which were used to con-
struct the preceding Fig. 14. In order to be able to focus
upon the effect of seismic shaking intensity alone,
independently from the gravel drain diameter and the
soil characteristics, the time factor Tad was decoupled
from Neq/Nl , by introducing tl as the reference time in
place of the duration of shaking td :

Tad = Tal

(
Neq

Nl

)
(16)

where

Tal = khtl
γwmv,3a2

(17)

is a seismic shaking intensity-independent problem
variable.

The results shown in Figs 14 and 15 were obtained
for constant Tal ∼= 5.7, six different gravel drain con-
figurations with a/b = 0.10, 0.15, 0.20, 0.25, 0.30
and 0.50, and four different seismic shaking intensi-
ties with Neq/Nl = 1, 2, 3 and 4. Observe in Fig. 14a
that, for sparse configurations with a/b ≤ 0.25, ru,max
gradually increases with Neq/Nl but remains constant
after Neq/Nl ∼= 3.0. For denser gravel drain configura-
tions (a/b ≥ 0.30), ru,max remains practically constant
for all Neq/Nl values.

This seemingly unexpected response with regard
to the effect of seismic shaking intensity is explained
with the aid of Fig. 15. Observe here that, for the
same ground conditions and gravel drain system, the ru
time histories obtained for the different Neq/Nl values
are part of a common backbone curve which peaks
at (t/tl)max. Consequently, as long as the duration
of shaking td/tl is less than (t/tl)max, ru,max is equal
to the excess pore pressure ratio at the end of shak-
ing, and increases as Neq/Nl = td/tl increases. How-
ever, when td/tl exceeds the (t/tl)max, the excess pore
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Figure 16. Revised design charts for improvement of liquefiable sites using infinitely permeable gravel drains.

pressure ratio at the end of shaking is either equal
or less than the peak, which now becomes the con-
stant ru,max value. Note that the former response is
related to sparse drain arrangements (e.g. a/b ≤ 0.25)
and peak ru,max values near 1.0, while the latter is
related to the more commonly used dense drain arrange-
ments (a/b ≥ 0.30) where the peak ru,max values are
significantly less than 1.0.

Focusing upon design cases of practical interest,
where the aim is to keep peak ru,max values low
(e.g. below 0.60), it is observed that the effect of
seismic shaking intensity is essentially diminished
after Neq/Nl = 2.0. Note that this limiting value of
Neq/Nl , has also been verified against the results of
the much larger set of parametric analyses which were
performed in order to produce the charts shown in
Fig. 10.

The physical meaning of this value is that when the
number of cycles exceeds about 2Nl , the tendency of
the rate of excess pore pressure build up to decrease
due to sand fabric evolution (function F1 in Fig. 3)
overcomes the tendency for increase due to increased
cyclic shear strain (function F2 in Fig. 3), leading to
a gradual overall decrease of the excess pore pres-
sures. Thus, it is reasonable to expect that the exact
value of this limit does not only depend upon the tar-
get ru,max value, but also on the form of the equation
used to describe the excess pore pressure build up
in the un-improved ground (Eq. 7), and specifically
on the value of the exponent A which was taken here
as 0.70, following the original recommendation by
Seed & Booker (1977).

Hence, in practice, it is possible to ignore any load-
ing cycles beyond 2Nland use the charts for Neq/Nl =2
for the computation of ru,max. In that case, the duration
of shaking will have to be reduced as well to t′d =
td (2/n), where n = Neq/Nl . In this way, the four design
charts of Fig. 10 may be reduced to only two (Fig. 16):
one for Neq/Nl = 1 and the other for Neq/Nl ≥ 2. Yet,
the timefactors which are compatible with these charts

are as follows:

Tad = C
khtd

γwmv,3a2
(18)

where C = 1 for Neq/Nl = 1, and C = 2/(Neq/Nl) for
Neq/Nl ≥ 2.

6 CONCLUDING REMARKS

The pioneering work of Seed & Booker (1977) for liq-
uefaction mitigation using infinitely permeable gravel
drains has been revised with respect to the assumed
rate of excess pore pressure buildup ∂ug/∂N in the
unimproved ground. Specifically, in the original pub-
lication it was assumed that this rate depends solely
upon the excess pore pressure ratio ru at any given
instant of time. It is now recognized that this rate is
the final outcome of two competing effects. The first
is the effect of cyclic strain amplitude, which increases
with ru and leads in turn to gradually increasing rates
of excess pore pressure buildup. The second effect
of sand fabric evolution towards a more stable state,
which leads to gradually decreasing rates of excess
pore pressure buildup and is a function of the number
of cycles Neq or the time elapsed from the beginning
of shaking.

In summary, the basic alterations to the original
solution of the problem, which resulted from the afore-
mentioned revision, are the following:

a. Unless the improved ground liquefies, excess pore
pressures reach a peak value at the early stages
of seismic shaking and then decrease, while shak-
ing continues. Note that the original formulation
predicts a steady asymptotic increase of excess pore
pressures reaching the peak value at the end of
shaking.

b. The revised predictions of peak excess pore pressure
ru,max in the improved ground are systematically
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lower than the original ones. For moderate seismic
shakings with Neq/Nl = 1, the maximum differ-
ence is a little higher than 20% and occurs at the low
range of excess pore pressure ratio i.e. for ru,max <
0.3. For stronger shakings with Neq/Nl ≥ 2 the
maximum difference is of the order of 50% and
occurs at the intermediate range of excess pore pres-
sure ratio values (i.e. ru,max = 0.3–0.7).

c. For a typical value of the maximum excess pore
pressure ratio in the improved ground, such as
ru,max = 0.4, the difference in the volume of
required gravel drains is approximately equal to
15% for moderate shakings (Neq/Nl = 1) and 15 to
25% for stronger events (Neq/Nl = 2 to 4). Larger
differences are likely to occur when the target value
of ru,max is increased.

d. Due to (a) above, the intensity of shaking has no
effect on the peak value of anticipated excess pore
pressures for Neq > 2Nl . Thus, in practical applica-
tions, when the target ru,max is less than about 0.50,
it is possible to ignore any loading cycles beyond
2Nl and use the design charts for Neq/Nl = 2
with proper adjustment to the value of the time
factor Tad .

Note that, although the revised solution presented
herein refers to the basic case of uniform ground, radial
drainage and infinitely permeable gravel drains, the
above conclusions are relevant to all newer method
variants referred in the introduction. This is because,
they may have effectively removed some of the sim-
plifying assumptions of the original Seed & Booker
(1977) solution, but maintained the same assumption
for the rate of excess pore pressure build up ∂ug/∂N ,
as expressed by Eq. 8.
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Seismic soil-pile-structure interaction based on large shaking
table tests

K. Tokimatsu & H. Suzuki
Tokyo Institute of Technology, Tokyo, Japan

ABSTRACT: Field performance of various pile foundations that experienced the recent earthquakes are
summarized together with the effects of ground displacement as well as those of inertial force of superstructures on
pile damage in non-liquefiable and liquefiable deposits. Large shaking table tests conducted on soil-pile-structure
models with dry and saturated sands for examining and quantifying the effects of inertial and kinematic forces
are demonstrated, in addition to the effects of earth pressure acting on the embedded foundation and of horizontal
subgrade reaction of piles. Pseudo-static analysis for estimating pile stress in liquefiable and non-liquefiable
sand is presented in which inertial and kinematic effects observed in large shaking table tests are incorporated
and the effectiveness of the method has been demonstrated through the comparison of observed and computed
pile stresses in the shaking table tests. Sensitivity analysis is also made to differentiate crucial factors affecting
pile stress in a liquefied soil.

1 INTRODUCTION

Extensive soil liquefaction that occurred in the
Hyogoken-Nambu (Kobe) earthquake (M = 7.2) of
January 17, 1995, induced geotechnical-related dam-
age to various structures in the reclaimed land area
along the coastline of Kobe city. Not only many
buildings with spread foundations but also numerous
pile-supported buildings settled and/or tilted with-
out significant damage to their superstructures. Such
foundation distress was particularly extensive near the
waterfronts where lateral ground movements occurred
due to quay wall failures caused by soil liquefaction.
Similar foundation distress without any significant
damage to superstructure also occurred at quite a few
pile-supported buildings located outside the liquefied
area.

There was a serious concern that the piles of those
buildings might have been damaged. Excavation sur-
veys after the quake showed that the pile heads in
most tilted buildings in the non-liquefied area did fail,
suggesting strong effects of inertial force from their
superstructures. This, however, may not be the case
in the liquefied area where the piles were often dam-
aged at depths other than the pile head, suggesting the
effects of increased cyclic and/or permanent ground
displacement of liquefied and/or laterally spreading
ground. This in turn suggests that the effects of both
dynamic and permanent ground movements on piles
should be properly taken into account in founda-
tion design. Little was known, however, about the
actual failure mode and process of those piles as
well as their relation to ground displacements, since

they occur and progress in the ground. Extensive
field investigations using newly invented techniques
to identify pile damage and/or deformation were,
therefore, performed on pile foundations that expe-
rienced strong ground shaking, liquefaction or lateral
ground spreading during the Kobe earthquake (e.g.,
Kansai Branch of Architectural Institute Japan (AIJ),
1996; AIJ et al., 1998; BTL Committee, 1998). In
addition, many studies using centrifuge and large
shaking tables have been made (e.g., Boulanger, 1999;
Wilson et al., 2000; Abdoun, 2003; Mizuno, 1997),
the later of which include two large-scale shaking
tables of the National Institute of Earth Science and
Natural Disaster Prevention (NIED) in Tsukuba and
Miki, Japan.

The objective of this paper is to summarize the
failure and deformation modes of piles that experi-
enced the Kobe earthquake, and to examine the iner-
tial and kinematic effects on pile stresses based on
large shaking table tests. Pseudo-static analyses using
p−y curves are then performed for the large shaking
table tests and well-documented case histories of pile
foundations that experienced the Kobe earthquake.

2 SUMMARY OF FIELD OBSERVATION
AFTER 1995 KOBE EARTHQUAKE

A large number of case histories of pile founda-
tions during the Kobe earthquake have been exam-
ined, based on field investigation including excavation
of pile heads (e. g., Kansai Branch of Architec-
tural Institute Japan (AIJ), 1996; AIJ et al., 1998).
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The main findings from the field investigation
(Tokimatsu, 2003a) are summarized below.

1. In the non-liquefied area where damage to super-
structures concentrated, quite a few buildings tilted
with their superstructures remaining intact, due to
shear failure of their pile heads.

2. In the liquefied area, many buildings supported on
non-ductile piles suffered foundation distress with
their superstructures remaining intact, due mainly
to failures of the piles at the interface between liq-
uefied and non-liquefied layers.

3. In the laterally spreading area, similar but more
extensive foundation distress occurred in which the
piles of a building near the waterfront often showed
different failure modes in the direction perpendic-
ular to the waterfront, while those away from the
waterfront showed similar deformation patterns.

The significant difference in damage pattern of
piles among non-liquefied, liquefied, and laterally
spreading areas is considered to be due mainly to the
following:

1. The non-liquefied surface soil amplified the ground
motions significantly, leading to the extensive dam-
age to buildings or otherwise the shear failure at
the pile heads.

2. Soil liquefaction de-amplified the ground motions
particularly in the period range less than 1s, reduc-
ing the damage to superstructure in the liquefied
and laterally spreading areas.

3. Soil liquefaction and lateral spreading increased
the ground displacement and thus kinematic effects,
leading to the damage to pile foundations, which
concentrated not only at the pile head but also near
the boundary between liquefied and non-liquefied
layers.

4. Spatial variation of ground displacement in the lat-
erally spreading area had a significant effect on
the difference in failure modes of piles within a
building.

The field case histories from the Kobe earthquake
strongly suggest that not only the inertial force but also
the kinematic force due to ground displacement, over-
looked in the design specification at that time, might
have significant effects on pile damage.

3 SOILE-PILE-STRUCTURE INTERACTION
STUDIES USING SHAKING TABLE TESTS

In view of the extensive pile damage in the Kobe earth-
quake, numerous research projects were initiated to
investigate the effects of soil-pile-structure interaction
on pile damage during the earthquake. Along these
lines, soil-pile-structure interaction studies were con-
ducted using large shaking table facilities at Tsukuba,
Japan, and subsequently at E-Defense, Miki near

Kobe, Japan, under several research projects. These
included mainly Special Project for Earthquake Disaster
Mitigation in Urban Areas, supported by the Ministry
of Education, Culture, Sports, Science and Technol-
ogy (MEXT), which is so called ‘‘Dai-Dai-Toku’’
project (2002–2006). Both shaking table facilities
are owned and operated by the National Research
Institute for Earth Science and Disaster Prevention
(NIED). In addition to the larger size and payload
capacity, the E-defense shaking table is a tri-axial one
that contrasts well with the one-dimensional one at
Tsukuba. Described in the following are some of the
test results and findings from these shaking tables and
other related centrifuge tests.

3.1 Soil-pile structure interaction in level ground
using large shaking table at Tsukuba

Several series of shaking table tests were conducted for
soil-pile-structure interaction studies during 2000–2005,
using the shaking table facility at Tsukuba, NIED
(e.g., Tamura et al., 2000; Tokimatsu et al., 2005a,
2005b), as shown in Figure 1. Figure 2 illustrates fif-
teen soil-pile-structure models, the results of which
are used in this study. The dimensions of the shear
box were 4.6 or 6.1 m in height, 12.0 m in width
and 3.5 m in length. The dry sand deposit prepared
in the laminar box consisted of a homogeneous layer
of 4.0 or 4.5 m. The soil used for dry sand deposit
shown in Figure 2 was Nikko Sand (emax = 0.98,
emin = 0.65, D50 = 0.42 mm). The relative densities
were about 80% for the tests. The liquefiable saturated
sand deposit consisted of three layers including a top
dry/unsaturated sand layer of 0.5 m in thickness (if a
foundation was embedded), a saturated sand layer of
3 to 4 m in thickness and an underlying dense sand or
gravel layer of about 1.5 m in thickness. The sand used
was Kasumigaura Sand (emax = 0.961, emin = 0.570,
D50 = 0.31 mm, Fc = 5.4%).

A 2 × 2 pile group was used in all the tests. All the
piles had a diameter of 16.52 cm with a 0.37 cm wall

Figure 1. Laminar shear box on shaking table facility.
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Figure 2. Soil-pile-structure models.

thickness and their tips were connected to the container
base with pin joints. The piles were set up with a
horizontal space of about ten-pile diameters center to
center. Their heads were fixed to a foundation with
or without a superstructure. A model ID consisting of
three or four alphabets specifies the test conditions.
The first one indicates soil condition (D: dry sand;
and S: saturated sand), the second one the presence of
foundation embedment (A: no; and B: yes), and the
third one the presence of a superstructure and its natu-
ral period (Tb) relative to that of the ground at a small
strain level (Tg) (N: no; S: Tb < Tg; and L: Tb > Tg).
The natural period of the superstructure with ID con-
taining S was 0.08 or 0.2s, which was shorter than that
of the ground. The natural period with ID containing L
was 0.7 or 0.8s, which was longer than that of the non-
liquefied ground but shorter than that of the liquefied
ground. The forth one, if exists (R), indicates that the
piles are stiffer than others. Series ID containing 1 at
the end had a foundation of a weight 16.7 kN, while
ID containing L or S at the end had a foundation of
20.6 kN and a superstructure of 139.3 kN.

Prior to each shaking table test, cone penetration
tests were conducted to estimate density distribution of
the deposit with depth. Either artificial accelerogram
called Rinkai or the one recorded during the 1940 El
Centro Earthquake was used as an input motion to the
shaking table. In total, thirty-one tests were conducted
on the soil-pile-structure models with the two input
motions having a maximum acceleration adjusted
to 1.2–2.4 m/s2. The soil-pile-structure system was
heavily instrumented with accelerometers, displace-
ment transducers, strain gauges, and, if saturated, pore

pressure transducers. Particularly, the accelerometers
of all piles and the ground were measured at every
50 cm with depth and the bending strains of all piles
at every 10–25 cm.

3.2 Effects of inertial and kinematic forces on piles
in level ground using shaking table
at Tsukuba

Figure 3 (Tokimatsu et al., 2005b) shows the maximum
pile stresses including shear forces, bending moments
and axial forces at pile heads with respect to the max-
imum inertial forces in all the tests. There is a definite
trend in which the pile stresses increase with increas-
ing inertial force. The increase in pile stresses with
respect to the inertial force in non-liquefied ground is
more significant in tests without foundation embed-
ment (tests models DAS and DAL) than in tests with
foundation embedment (tests models DBS and DBL).

It is interesting to note that the shear force in the
test models DBS and DBL is smaller than the iner-
tial force from the superstructure and the foundation,
while that in the test models DAS and DAL is as
large as the inertial force (Figure 3a). This suggests
that the presence of foundation embedment did have
a significant effect on reducing shear force transmit-
ted from the superstructure to the piles. In addition,
the pile stresses become larger for a short-period
superstructure (test models DAS and DBS) than for
a long-period superstructure (test models DAL and
DBL). This is because the inertial force and ground
displacement are in phase in the tests with a short-
period superstructure but out of phase in the tests with
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Figure 3. Relation of maximum pile stresses with maximum interial force in large shaking table tests.

a long-period superstructure. These findings confirm
that the factors other than the inertial force, i.e., the
presence of foundation embedment and whether the
natural period of the superstructure is greater than that
of the ground, significantly affect the pile stress.

The increase in pile stresses with increasing iner-
tial force in liquefied ground is more significant with
foundation embedment (model IDs starting with SB)
than without it (model IDs starting with SA). Namely,
the shear force at the pile head is larger than the inertial
force (Figure 3d). This suggests that the presence of
foundation embedment does have an opposite effect
on pile stresses before and after liquefaction in such a
way that it reduces the shear force transmitted to piles
before liquefaction but may increase it after liquefac-
tion. It is interesting to note that, if the foundation
is embedded, stresses in piles without a superstruc-
ture become as large as those with a superstructure
after liquefaction, despite their different inertial forces
(Figures 3d, e).

A comparison of pile stresses in different soil con-
ditions indicates that an increase in pile stress with
increasing inertial force is larger in liquefied sand
(Figures. 3d–f) than in dry sand (Figures. 3a–c).This
is probably caused by drastic change in soil resis-
tance due to liquefaction. The non-liquefied soil near
the ground surface can resist most of the inertial force
from the superstructure, reducing shear force trans-
mitted to the piles. The non-liquefied crust overlying
liquefied layer as well as the liquefied upper soil layer,
in contrast, cannot bear most of the inertial force and
may even push the foundation to increase the shear

force in piles when the ground displacement exceeds
that of the foundation.

3.3 Estimation of kinematic forces on piles
in laterally spreading ground using shaking
table at Tsukuba

To investigate kinematic force acting on piles during
liquefaction-induced lateral spreading, shaking table
tests were conducted using the large shaking table
facility in Tsukuba in 2004, under US-Japan collabo-
ration research (Suzuki & Tokimatsu, 2009). Figure 4
shows two soil-pile systems prepared in a laminar
shear box, 5.5 m in height, 12.0 m in width and 3.5 m
in length, which was set on the shaking table with a
slope angle of 2 degrees, as shown in Figure 4. The
sand deposit constructed in the laminar shear box had
a thickness of 5 m with an inclined surface having a
slope angle of 2 degrees, in which two single piles 6 m
in length were set apart.

The two single piles had the same diameter but dif-
ferent wall thickness and different stiffness. The one
located downstream was a steel pipe with a diame-
ter of 318.5 mm and a wall thickness of 6 mm. The
other located upstream was a stainless steel pipe with
a diameter of 318.5 mm and a wall thickness of 3 mm.
The downstream pile is hereby called the stiff pile
(PS-1 and PS-2) and the upstream pile the flexible
pile (PF-1 and PF-2). Both piles had a free rotational
condition at their heads and a fixed boundary with the
laminar shear box base at their tips.
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Figure 4. Inclined soil-pile models.

As shown in Figure 4, the water table was at 1.0 m
below the lowest ground surface for Test 1 or at the
same level as the highest ground surface for Test 2.
To prepare the sand deposit for Test 1, after fixing the
piles in the inclined base layer of cemented mortar, the
laminar shear box was filled with water to a certain
level (4.0 m high from the base) and wet Kasumigaura
Sand was pluviated into the water. Dry sand was,
then, air-pluviated to form the top non-liquefiable
layer above the water table. After conducting Test 1,
the entire sand deposit was saturated with poring the
water from the laminar box base to prepare the sand
deposit for Test 2. For both the test, a sinusoidal wave
with a frequency of 2 Hz was used as an input base
motion, with a maximum acceleration of 2.0 m/s2.
Before each shaking event, a geophysical test and
cone penetration test were conducted to characterize
soil profile.

The test models were densely instrumented with
accelerometers, displacement transducers, strain gau-
ges, pore water pressure transducers and earth pres-
sure transducers. In particular, to investigate factors
influencing subgrade reaction of piles during lateral
spreading, pore pressure transducers were installed on
both downstream and upstream sides of the two piles.

Figure 6 shows the laminar shear box after Test 2.
The permanent deformation of the laminar box after
the test, induced by lateral ground spreading, was more
than 1 m at the top.

The pore water pressure reaches the initial effective
stresses, causing soil liquefaction within 5 s after the
start of shaking. The ground displacement increases
downstream with cyclic fluctuation, increasing pile
displacement and bending strain in the initial stage
of shaking.

Figure 7 compares distributions of bending strains
of the stiff and flexible piles in two instants, i.e. 5.6 s
and 20 s, for Tests 1 (Figs. 7a, b) and 2 (Figs. 7c, d).
The bending strains of the stiff pile in both tests are
larger at 5.6 s than at 20.0 s (Figs. 7a, c), while those of
the flexible pile are almost the same between the two

Figure 5. Laminar box before shaking.

Figure 6. Laminar box after shaking.

instants (Figs. 7b, d). This suggests that the effects of
kinematic forces depend on pile stiffness, resulting in
the difference in pile behavior during laterally spread-
ing. The bending strain of the stiff pile is slightly larger
in Test 1 than in Test 2, indicating that the presence of
the non-liquefied crust layer might have affected an
increase in bending strains. The bending strain near
the tip of the flexible pile, in contrast, is significantly
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Figure 7. Distributions of bending strains of stiff and flexible piles in two tests.

Figure 8. Relations of relative displacement with subgrade reaction, pore water pressures and earth pressure increments at
3 m depth in test with level ground.

larger in Test 2 than in Test 1, probably due to cyclic
degradation after yielding.

3.4 Factors affecting horizontal subgrade reaction
of pile during soil liquefaction and lateral
spreading

To evaluate the mechanism of subgrade reaction dev-
elopment in liquefied level ground, the subgrade
reaction of a pile is calculated from the double differ-
entiation of observed bending moment with depth and
the displacements of the ground and pile from the dou-
ble integration of their observed accelerations (Suzuki
et al., 2005). Figure 8 shows the relation of relative dis-
placement with subgrade reaction and the pore water
pressures and earth pressure increments measured on
both sides of the pile during liquefaction. The positive

relative displacement in the figures indicates that the
pile pushes the soil on the right or the soil pushes the
pile from the right. The negative relative displacement,
conversely, indicates that the pile pushes the soil on
the left or soil pushes the pile from the left.

When the positive relative displacement develops,
the subgrade reaction increases sharply (Fig. 8a). At
this stage, the pore water pressure on the left side of the
pile decreases significantly, whereas that on the right
side maintains almost constant (Figs. 8b, c). When
the negative relative displacement develops, the pore
water pressures on both sides are reversed. The earth
pressure increments measured on both sides of the pile
show a similar trend to that of the pore water pressures
on the same sides (Figs. 8e, f ). The difference in the
two earth pressures on both sides of the pile with rela-
tive displacement, shown in Figure 8d, shows the same
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Figure 9. Stress states in soil around pile in liquefied ground.

Figure 10. Relations of relative displacement with subgrade reaction, pore water pressures and earth pressure increments for
stiff pile at 3.0 m depth in test with inclined ground.

trend as the subgrade reaction shown in Figure 8a. This
indicates that the subgrade reaction could be induced
by the pore water pressure changes around the pile.

Figure 9 shows a schematic diagram indicating how
the subgrade reaction of a pile develops during soil liq-
uefaction. When the pile pushes the soil on the right
or the soil pushes the pile from the right, the compres-
sion stress state develops on the right and the exten-
sion stress state develops on the left of the pile. On
the extension side, the pore water pressure reduction
becomes pronounced due to the combined effects of
decrease in normal stress and soil dilation induced
by the shear stress. On the compression side, in con-
trast, the pore water pressure reduction becomes small
due to the adverse effects of increase in normal stress

and soil dilation induced by the shear stress. As a
result, the pile is pulled back by the soil on the exten-
sion side. Such mechanism of p−y behavior in liq-
uefied soil is different from that in dry sand where
horizontal subgrade reaction is induced by the increase
in soil pressure on the compression side of the pile.

To estimate the effects of pore water pressure varia-
tion around the pile during lateral spreading, Figure 10
shows the relation of relative displacement with sub-
grade reaction and the pore water pressures and earth
pressure increments observed on both sides of the stiff
pile in Test 1 (Suzuki et al., 2005). Black lines in the
figures indicate that the ground and pile move down-
stream and gray lines indicate that they move upstream.
When the pile and ground move downstream, shown in
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Figure 11. Stress states in soil around pile in laterally spreading ground.

Figure 12. Relations of relative displacement with subgrade reaction, pore water pressures for flexible pile at 3.0 m depth in
test with inclined ground.

black lines, the pore water pressure and earth pressure
increment on the downstream side of the pile decrease
significantly with those on the upstream side almost
constant (Figs. 10b, c, e, f). At this stage, the subgrade
reaction becomes large (Fig. 10a). When the pile and
ground move upstream, shown in gray lines, the pore
water pressures and earth pressure increments on both
sides of the pile increase or maintain almost constant
(Figs. 10b, c, e, f). At this stage, the subgrade reaction
decreases (Fig. 10a). The difference in two earth pres-
sure increments shows good agreement in trend with
the subgrade reaction (Fig. 10d). This indicates that
the subgrade reaction in laterally spreading ground is
also induced by the pore water pressure changes in soil
around a pile.

Figure 11 shows a schematic diagram indicating
how the subgrade reaction of a pile develops during lat-
eral spreading. When the pile and ground move down-
stream, the compression stress state develops on the
upstream side of the pile with insignificant pore water
pressure reduction and the extension stress state devel-
ops on the downstream side with significant pore water

pressure reduction. As a result, the pile is pulled
by the soil on the downstream side. When the pile
and ground move upstream, the relative displacement
does not increase but decrease due to the accumu-
lated downstream ground displacement. Therefore,
the stress states developed on both sides of the pile are
considered to be unloading, leading to a decrease
in subgrade reaction. This indicates that the sub-
grade reaction development in laterally spreading
ground is caused by the difference in stress states
on both sides of a pile, as in the case of level ground.
The pile in laterally spreading ground, however, is
pulled only by the downstream soil, which is different
from that in liquefied level ground where the pile is
pulled by the soil on both sides alternately.

Figure 12 shows the relations of relative displace-
ment with subgrade reaction and pore water pressures
on both sides for the flexible pile. A comparison
of trends between the stiff and flexible piles shows
that a decrease in pore water pressure on downstream
side as well as an increase in subgrade reaction with
increasing relative displacement is more significant
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in the test with the stiff pile than with the flexible
pile (Figs. 10a–c and 12a–c). It is also interesting to
note that the value of subgrade reaction of the stiff
pile is back to almost zero at every cycle, while that
of the flexible pile is not (Figs. 10a and 12a). This
indicates that the subgrade reaction consists of cyclic
and permanent components. The cyclic component,
which might have been induced by the cyclic ground
deformation with pore water pressure reduction, is
larger in the stiff pile than in the flexible pile. The per-
manent component, which might have been induced
by the permanent ground deformation, on the other
hand, is larger in the flexible pile than in the stiff pile.
The difference in subgrade reactions between stiff and
flexible piles is probably induced by the difference in
behavior between the two piles. The stiff pile, that can
resist ground movement more than the flexible pile,
yields larger relative displacement but smaller perma-
nent displacement. The flexible pile, on the other hand,
that can follow ground movement, yields smaller rela-
tive displacement but larger permanent displacement.
As a result, the cyclic subgrade reaction becomes
larger in the stiff pile but the permanent one becomes
larger in the flexible pile.

3.5 Soil-pile-structure interaction in dry sand using
E-Defense shaking table

The E-Defense shaking table platform has a dimen-
sion of 15 m long and 20 m wide. It is supported on
fourteen vertical hydraulic jacks and connected to five
hydraulic jacks each in the two orthogonal horizon-
tal directions. Figures 13 and 14 show the shaking
table with a cylindrical laminar box, with a height
of 6.5 m and a radius of 8.0 m, made especially for
geotechnical-related studies (Tokimatsu et al., 2007a,
2007b). The cylindrical laminar box consists of forty-
one stacked ring flames, enabling shear deformation
of the inside soil during two-dimensional horizontal
shaking.

The first soil-pile-structure interaction studies using
the facilities were made with dry sand in FY2005.
Preparation of soil-pile-foundation model in the lam-
inar box was made in the preparation building next to
the main building that accommodates the large shak-
ing table. A 3 × 3 steel pile group was used for the
test. The piles are labeled A1 to C3 according to their
locations within the pile group, as shown in Figure 14.
Each pile had a diameter of 152.4 mm and a wall
thickness of 2.0 mm. The piles were set up with a hor-
izontal space of four-pile diameters center to center.
Their tips were jointed to the laminar box base with
pins and their heads were fixed to the foundation of a
weight of 10 tons.

After setting the pile group in the laminar box, the
sand was air-pluviated and compacted to a relative
density of about 70% to form a uniform sand deposit

with a thickness of 6.3 m. Albany sand, imported from
Australia, was used for preparing the sand deposit. The
sand had a mean grain size D50 of 0.31 mm and a coef-
ficient of uniformity Uc of 2.0. The natural period of
the ground is about 0.2 s throughout the test.

The laminar box with the built-in soil-pile-foundation
mode was then moved to the main building with a lorry
(Fig. 15) and on to the shaking table with two gigantic
cranes. Several superstructures were in turn connected
with four columns to the foundation and shaking tests
were repeated.

Figure 13. Test model on E-Defense large shaking table.
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Figure 14. Soil-pile-structure model.
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Table 1. Test series.

Maximum input acceleration (m/s2)

JR Takatori Taft and Tottori
Natural

Embedment Superstructure period (s) X Y XY XYZ X Y XY XYZ

A Yes Yes 0.1
B Yes Yes 0.6
C Yes No – 0.3, 0.8 – 0.3, 0.8
D Yes Yes 0.3, 0.8
E No Yes 0.2 0.3, 0.8 0.3, 0.8, 6.0, 8.0 –

Figure 15. Test model moved by lorry.

A total of five test series named A to E was con-
ducted as shown in Table 1, in which the presence
of foundation embedment and superstructure, and
the natural period of the superstructure, as well as the
type of input motions including predominant period
and maximum acceleration were varied. The founda-
tion carried the superstructure of a weight of 28 tons
in all series except for series C and had embedment
except for series E. The superstructure had a natural
period of 0.1, 0.2 or 0.6 s. This was achieved by chang-
ing the height and/or the rigidity of the four columns
supporting the superstructure. The superstructure in
series A was carried on steel columns 0.3 m high, that
in series B on four rubber columns 0.3 m high, and
those in series D and E on steel columns 1.0 m high.
The natural period of the superstructure is smaller than
that of the ground in series A, but close to that of the
ground in series D and E and larger than that of the
ground in series B.

A large number of strain gauges, accelerometers,
velocity meters, earth pressure transducers, displace-
ment transducers, settlement meters and load cells,
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Figure 16. Acceleration response spectra of input motion.

about 900 sensors in total, were placed in the deposit
as well as on the pile-structure model.

The tests were conducted under one-, two- or
three-dimensional shaking with three different ground
motions recorded at Takatori in the 1995 Kobe earth-
quake, at Lincoln School in the 1952 Taft earthquake
and at Akasaki in the 2000 Tottori earthquake (hereby
named Takatori, Taft, and Tottori). Figure 16 shows
their acceleration response spectra with a damping
ratio of 5%. The acceleration response spectra of the
horizontal motions at Tottori dominate only in a short
period range with a sharp spectral peak at about 0.1 s,
whereas those at Takatori and Taft dominate over a
wide period range covering from 0.1 s to 1.0 s.

In each test series, either the two horizontal or three-
component motions, or both, were used as input to
the shaking table with the largest horizontal accelera-
tion being scaled to one listed in Table 1. The NS and
EW components of the ground motion were applied
to the NS (X) and EW (Y) directions as shown in
Figure 14, with the UD (Z) component to the vertical
direction. This paper describes inertial and kinematic
effects on deformation and failure mode of piles based
on test series E with Takatori motion having maxi-
mum input accelerations of 0.8 m/s2 and 6.0 m/s2. The
piles were within the elastic range under the maximum
input acceleration of 0.8 m/s2, whereas they failed with
a maximum input acceleration of 6.0 m/s2. Further
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Figure 17. Loci of inertial force, ground surface displacement and bending strains.

details of the test apparatus and procedure have been
described elsewhere (Tabata & Sato, 2006).

3.6 Inertial and kinematic effects on bending stress
and failure mode of pile group in dry sand

To investigate the variation of bending strain within
the pile group, Figure 17 shows loci of the inertial
force of the structure, ground surface displacement
and bending strain of each of the nine piles on the hor-
izontal plane. The horizontal axis corresponds to the
EW direction and the vertical one to the NS direction.
The inertial force is larger in the EW direction than in
the NS direction and its two-dimensional locus shows
a spindle shape with its longer axis in the EW direc-
tion (Fig. 17(a)). The loci of bending strain show the
same trends as those of the inertial force. In addition,
whenever the inertial force acts southeastward, the
bending strain becomes the largest in Pile A1 located
at the southeast side of the pile group (Fig. 17(k)). In
contrast, whenever the inertial force acts northwest-
ward, the bending strain becomes the largest in Pile
C3 located at the northwest side (Fig. 17(c)). This indi-
cates that the bending strain is the largest at the leading
pile within the pile group. The ground displacement
is significantly small and its locus shows a different
shape from those of inertial force and bending strains
(Fig. 17(b)). This suggests the ground displacement
plays an insignificant role in an increase in pile stresses
in the test with small shaking.

To estimate the difference in bending strain within
the pile group, Figure 18 shows the distributions with

depth of bending strains computed by a sum of NS and
EW components for the nine piles when the inertial
force takes the largest peak on the southeast, as shown
by a circle in Figures 17 a, b. At this instant, Pile A1
is the leading corner pile and Pile C3 is the trailing
corner pile. The bending strains at the pile head as
well as at a depth of about 1.0 m become the largest
in the leading corner pile, i.e., Pile A1 (Fig. 18i),
and become the smallest at the trailing corner pile,
i.e., Pile C3 (Fig. 18a). In addition, the depth at which
the bending strain takes the inflection tends to be
smaller in the leading pile, i.e., Pile A1 (Fig. 18i) than
in any other trailing pile. These trends confirm that
the pile stresses vary within the pile group and that
bearing load is the largest in the leading corner pile.

To investigate inertial and kinematic effects on
deformation and failure mode of piles, Figure 19
shows the distributions with depth of bending strains
of the nine piles at about 6 s after the start of shaking
at which the piles start yielding. The inertial force
and ground surface displacement increase northeast-
ward, making Pile A3 the leading corner pile. The
figure shows that the bending strains at about 1 m
depth in Piles A1, A2, and A3 exceed the elastic
limit because of the combined effects of inertial and
kinematic forces acting on the same directions at this
moment (Figs. 19g–i). This indicates that the leading
piles including Pile A3 bear larger forces than others
and might have failed first.

After the test with a maximum acceleration of
6.0 m/s2, a higher input motion with a maximum
acceleration of 8.0 m/s2 was applied to the test model.
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The ground deformed significantly along the strong
axis oriented in the northeast-southwest direction.
The superstructure began to incline toward north-
east. Figure 20 shows the residual deformation of the
foundation, indicating that it not only moved north-
eastward but also rotated clockwise. Figure 21 shows
the inclined superstructure after the test, and Figure 22
shows the pile damage to pile after excavation. Piles
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Direction of tilt
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B3

B2

A1

A3

A2

Figure 20. Residual deformation of foundation.

Figure 21. Inclined structure after test with high input
motion.

Figure 22. Damage to piles.

A1–A3 buckled at 1.2 m below their pile heads, the
depth of which corresponds to the depth at which the
measured bending strains take a peak (Figs. 19g–i). In
contrast, Piles C1–C3 deform at 0.7 m below their pile
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heads, the depths of which is shallower than the depth
at which the measured bending strain take a peak,
i.e., a depth of 1.0 m (Fig. 19a–c). This is probably
because the failure firstly occurred in Piles A1–A3,
which led to the redistribution of bearing load within
the pile group, causing the buckling of the other piles
at a smaller depth.

3.7 Soil-pile-structure interaction in liquefiable
sand using E-Defense shaking table

The soil-pile-structure interaction studies with lique-
fiable sand using E-defense shaking table was made
in late FY2006 (Suzuki et al., 2008). The sand, piles
and foundation used for the tests were identically the
same as those used for the tests with dry sand, made in
the preceding fiscal year. The sand deposit prepared
in the laminar box consisted of two layers, including
a liquefiable layer with a thickness of 5.4 m and an
underlying non-liquefiable layer with a thickness of
0.8 m. After setting a pile group in the laminar box,
the bottom non-liquefiable layer around the pile group
was made with cement-mixing sand and that away
from the pile group with air-pluviation and compaction
of the sand. The dry sand was also air-pluviated to form
the liquefiable layer. The relative densities of the com-
pacted and liquefiable sand layers were about 90% and
60%, respectively.

To minimize the occupation time of the shaking
table platform, the above preparation processes were
made outside the shaking table platform, and the

Figure 23. Laminar box carried by two cranes.

Figure 24. Laminar box being covered for saturation.

laminar box including the dry-sand-pile-foundation
system was then moved on to the shaking table by two
gigantic cranes, as shown in Figure 23. The dry sand
was then saturated by percolating water from the bot-
tom of the laminar box under a vacuum on the shaking
table to avoid unexpected soil disturbance after sat-
uration. Figure 24 shows that the laminar box was
being covered with a large bell-shaped cap to form a
vacuum. The groundwater table was set at a depth of
0.4 m below the ground surface.

Table 2 summarizes the test conditions. Model A
did not carry any superstructure, whereas Model B
carried a superstructure of 12 tons with four steel
columns of 1.0 m height. About 900 sensors including
strain gauges, accelerometers, velocity meters, earth
pressure transducers, pore water pressure transducers,
displacement transducers, settlement meters and load
cells were placed in the sand deposit as well as on the
pile-structure model.

The tests were conducted with two different ground
motions, Takatori and Tottori, as defined in section 3.5.
Two horizontal component motions were used as the
input to the shaking table with the largest horizontal
acceleration adjusted from 0.3 m/s2 to 3.0 m/s2, as
shown in Table 3. The final three tests were run with
Model B in turn using Tottori with a peak acceleration
of 0.8 m/s2, Takatori with 0.8 m/s2, and Takatori with
3.0 m/s2. These tests are hereby called as Tottori-80,
Takatori-80 and Takatori-300. Further details of the
test apparatus and procedure have been described
elsewhere (Tabata et al., 2007).
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Table 2. Test conditions.

Test model Superstructure Input motion Maximum input acceleration

Tottori 0.3 m/s2, 0.8 m/s2

Model A No Takatori 0.3 m/s2, 0.8 m/s2

Tottori 0.3 m/s2, 0.8 m/s2

Model B Yes Takatori 0.3 m/s2, 0.8 m/s2, 3.0 m/s2
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Figure 25. Horizontal loci of inertial force, displacement and bending moment in Takatori-80.

Although pore pressure built up slightly, soil
liquefaction did not occur in Tottori-80. In contrast, it
did occur in Takatori-80 with the same peak acceler-
ation as well as in Takatori-300 with a greater input
acceleration. The pore water pressures in Takatori-300
rose abruptly leading complete liquefaction at only
4 s. The ground displacement becomes larger and the
de-amplification of the superstructure becomes more
pronounced than those in Takatori-80. This led to a
larger bending strain of about 3000 μ, leading to the
yielding of the pile heads as well as residual founda-
tion displacements of 66 mm on the east and of 43 mm
on the south and foundation settlements of 16 mm on
the southeast side and of 8 mm on the northwest sides
of the foundation.

3.8 Inertial and kinematic effects on pile stress
and failure mode in liquefiable sand

To investigate distribution of pile stresses within the
pile group in the liquefaction test, Figure 25 shows
the loci on the horizontal plane of the inertial force,
the displacements of the ground surface and foun-
dation, and the bending strain at the head of Pile A1in
Takatori-80. Figure 26 shows the distributions with
depth of bending and axial strains for the nine piles at
two instants (i.e., at 2.9 s (before liquefaction) and at
7.9 s (after liquefaction)) in Takatori-80, which cor-
respond to the instants marked by square and circle
symbols on the loci shown in Figure 25.

A large inertial force acts eastward at 2.9 s (the
square symbol in Fig. 25a), accompanied by a very
small ground displacement. This not only induces
bending strains that decrease rapidly with depth

(Figs. 26a–c) but also creates the largest bending strain
at the heads of the leading piles (Piles A1, A2 and A3),
probably due to the pile group effects, in which the
leading piles attract the largest earth pressure among
others, such as that shown in section 3.6.

In addition, the largest axial compression (nega-
tive) strain develops on the leading side of the pile
group (Piles A1, A2 and A3), with the largest axial
extension (positive) strain on the rear piles (Piles C1,
C2 and C3) (Figs. 26g–i). The axial strain in this case
decreases with depth. In contrast, a large ground dis-
placement occurs northwestward with a small inertial
force at 7.9 s, as indicated with the circle symbol
(Figs. 25a, b). At this instant, large bending strains
occur not only at the pile heads but also at the bottom
of the liquefied layer. The bending strain at the pile
heads is the smallest in Pile A1 located at the following
side (the southeast side) among others (Figs. 26d–f).
The axial strains on both compression and extension
sides do not seem to decrease with depth (Figs. 26j–l),
the trend of which is different from that before lique-
faction, and suggest that the positive friction having
reduced the axial stress in piles becomes smaller after
liquefaction.

Figures 27 and 28 show loci of horizontal plane of
the inertial force, ground surface and foundation dis-
placements, bending strain at the head of Pile A1 and
distributions of bending and axial strains for the nine
piles at 4.2 s in Takatori-300. The ground displacement
and the inertial force increase southeastward at 4.2 s as
indicated with a circle symbol (Fig. 27), causing large
bending strains at the pile heads. The bending strain
at the pile head takes the largest value in the leading
piles (Piles A1, A2 and A3), (Figs. 28a–c) but the pile
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Figure 26. Distribution of bending and axial strains in Takatori-80.
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Figure 28. Distribution of bending and axial strains in Takatori-300.

group effects are less significant compared with those
observed in dry sand. The axial strain also increases
significantly at the pile heads on the leading side (Piles
A1, A2 and A3) (Figs. 28d–f).

3.9 Pile group effects in centrifuge shaking
table tests

Suzuki et al., (2006) investigated seismic behavior of
pile group through the centrifuge model tests on pile
groups with different pile spacing in both dry and
liquefiable sands. They further showed that the pile
group effects are different between dry and liquefi-
able sands and dependent on pile spacing. Figure 29

summaries their test results in which the distribution
of shear force at pile head within three pile groups
subjected to leftward movement is plotted for differ-
ent pile spacing (7.5, 3.75, and 2.5 diameter spacing
center to center). The shear force ratio in the figure is
the measured shear force of each pile normalized with
respect to the average shear force in the pile group.
The test results lead to the followings:

1. In the non-liquefied ground, the shear forces at
the pile heads tend to become larger in the lead-
ing row than in the trailing rows with decreasing
pile spacing. This is because the subgrade reaction
in non-liquefied ground is induced by an increase
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Figure 29. Distribution of shear forces at pile heads.

in normal stress on the compression side of a pile
and such an increase is the largest in the leading
piles due to shadowing effects of pile group. Such
pile group effects are apparent at a pile spacing
of 3.75.

2. In the liquefied ground, the shear forces at the pile
heads tend to become larger in the outside piles
than in the inside piles as the pile spacing decreases.
This is probably because, in the liquefied ground,
the subgrade reaction is induced by the difference
in pore water pressure changes between compres-
sion and extension sides of a pile, as shown in
section 3.5. This condition is well developed in
the perimeter piles but may not be the case in the
inside piles. This is because the compression stress
induced by one pile may be reduced by the exten-
sion stress by the adjacent pile in soil inside a pile
group. This could lead to a decrease in the differ-
ence in pore water pressures on both sides of the
inside piles as well as the smaller subgrade reac-
tion in the inside piles. Such pile group effects are
apparent only at a pile spacing of 2.5.

3. The distributions of shear force at the pile head in
both dry and liquefiable sand with pile spacing of
7.5 and 3.75 are consistent with the moment distri-
butions obtained from the large shaking table tests
described in sections 3.1–3.6.

4. The critical pile spacing beyond which pile group
effects become notable appears to be smaller in dry
sand than in liquefied sand, probably due to the
difference in strain level between the two.
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surface and input motion.

3.10 Structural response in non-liquefied
and liquefied grounds in shaking table tests

Figure 30 shows the acceleration responses of the sup-
erstructure, ground and shaking table, which are
computed from the observed acceleration. The figure
confirms that the field evidence in which soil lique-
faction de-amplified the ground motions particularly
in the period range less than 1s, reducing the response
of structures as well as the damage to superstructure
in the liquefied and laterally spreading areas.
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4 PSEUDO-STATIC ANALYSIS
FOR EVALUATING PILE PERFORMANCE

4.1 Beam-on-Winkler-springs method

Seismic design of foundations may be made using
either dynamic response analysis or pseudo-static
analyses. In this chapter, the later based on Beam-on-
Winkler-springs method is described, with emphasis
placed on how the kinematic effects determined in
the preceding chapters with recent other findings are
incorporated.

Figure 31 schematically illustrates the soil-pile-
structure interaction in non-liquefiable and liquefiable
soils during and after an earthquake (Tokimatsu, 2003a).
Only the inertia force from the superstructure domi-
nates in dry or non-liquefied sand where both cyclic
and permanent ground displacements are negligibly
small (Case I: Fig. 31a). Not only the inertial force but
also the kinematic force induced by cyclic ground dis-
placement comes to play an important role when soil
liquefies (Cases II: Fig. 31b) and the kinematic force
due to permanent ground displacement may have a
dominant effect when lateral ground spreading occurs
(Case III: Fig. 31c). These loading conditions should
be properly considered in stress and deformation
analysis of piles.

Simplified pseudo-static design methods using p−y
curves for pile foundations (AIJ, 1988, 2001; Rail-
way Technical Research Institute, 1997), i.e., a single
pile supported on nonlinear Winkler springs as shown
in Figure 32, are based on the following equation
(Nishimura, 1978; Tokimatsu & Nomura, 1991):

EI
d4y

dz4
= kh B { f (z) − y} (1)

in which E and I are Young’s modulus and moment
of inertia of pile, y is horizontal displacement of pile,
z is depth, kh is coefficient of horizontal subgrade
reaction, B is pile diameter, and f(z) is either zero
throughout the depth (Case I), cyclic ground displace-
ment (Case II), or permanent ground displacement
(Case III), to be applied to the pile through p-y springs
as shown in Fig. 31b or 31c. The value of {y–f (z)} in
the equation is the relative displacement between soil
and pile. The combination of inertial force and ground
displacement may be determined based on the natural
period of the superstructure (Tb) relative to that of the
ground (Tg), according to the following method:

Method I (Tb < Tg): The pile stress may be esti-
mated, provided that the maximum (design) inertial
force and ground displacement are applied to the pile
at the same time (Fig. 32a).

Method II (Tb > Tg): The pile stress may be given
by the square root of the sum of the squares of the two
values estimated, provided that the maximum (design)
inertial force and ground displacement are applied to
the pile separately (Fig. 32b).

To make the simplified pseudo-static analysis, one
should know the following information that could
control the kinematic effects concerning: (1) cyclic
ground deformation profile and/or permanent ground
deformation profile, (2) seismic earth pressure acting
embedded foundation, and (3) horizontal subgrade
reaction of pile, i.e., p−y spring.

4.2 Cyclic and permanent ground displacement

Tokimatsu & Asaka (1998) proposed a preliminary
chart for estimating cyclic ground displacement to
be developed in liquefied ground during earthquakes,
which is similar to the one for the liquefaction evalua-
tions using SPT N-values. The method consists of the
following steps:

1. Determine adjusted SPT N-values, Na, and equiva-
lent cyclic stress ratios during earthquake, τav/σ

′
vo,

with depth.
2. Estimate γcy from Figure 33a, with depth.
3. Estimate a cyclic ground displacement profile,

fcy(z), by integrating γcy with depth, assuming
γcy develops in the same horizontal direction.

fcy(z) =
∫ H

z
γcy(z)dz (2)

Similarly, Tokimatsu & Asaka (1998) proposed pre-
liminary charts for estimating permanent ground dis-
placement to be developed near a waterfront area with
a horizontally stratified deposit subjected to lateral
spreading, as follows:

1. Estimate the horizontal ground surface displace-
ment at the waterfront, Do, by:

Do = min(fmax(0), Dw) (3)

in which Dw is displacement of the quay wall and
fmax(z) is maximum possible ground surface dis-
placement of the liquefied soil determined by inte-
grating γmax with depth, using Equation 2 with γcy,
fcy(z), and Figures 33a replaced by γmax, fmax(z),
and Figure 33b.

2. Evaluate the horizontal permanent ground dis-
placement, D, at a distance of X from the waterfront
based on Figure 34 or by:

D(x) = (1/2)
x

10D0 D0 (4)

3. Estimate a ground displacement profile with
depth as:

fpm(x, z) = D(x)
fmax(z)

fmax(0)
(5)

in which x is distance from the waterfront.
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Figure 31. Simplified pseudo-static design methods using p−y curves for pile foundations.
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4.3 Seismic earth pressure acting on embedded
foundation

The total seismic earth pressure, PE , acting on the
embedded foundation/pile cap, as shown in Figure 35,
may be defined as (Tamura et al., 2002):

PE = PEp − PEa = 1

2
γ H 2B(KEp − KEa) (6)

in which γ is unit weight of soil, H and B are height
and width of foundation and KEa and KEp are the coef-
ficients of seismic earth pressure in active and passive
sides and may be expressed by the following equations
(Mononobe, 1924; Okabe, 1924; Zhang et al., 1998):

KEa = 2 cos2(φ − i)

cos2(φ − i)(1 + R) + cos i cos(δmob + i)(1 − R)IE.1
(7)

KEp = 1 + 1

2
(R − 1)

[
cos2(φ − i)

cos i cos(δmob + i)IE.2
− 1

]
(8)

(
IE.1
IE.2

)
=

⎡
⎣1 ±

√
sin(φ + δmob) sin(φ − i)

cos(δmob + i)

⎤
⎦

2

(9)

tan i = ki (10)

R = max

[
−1, −

( |�r |
�a

)0.5
]

(Active side) (11)

R = min

[
3, 3

( |�r |
�p

)0.5
]

(Passive Side) (12)

δmob = 1

2
(1 − R)δa (Active Side) (13)

δmob = 1

2
(R − 1)δp (Passive Side) (14)

in which φ is internal friction angle of sand, i is
angle of seismic coefficient in the horizontal direction
(ki), R is lateral strain constraint and is somewhere
between −1 and 0 in the active side and 0 and 3 in

the passive side (Fig. 36), �r is relative displacement
between soil and foundation, δ is friction angle of the
surface of the foundation, δa and δp are friction angles
of sand at the active and passive states, and �a and
�p are reference relative displacements at active and
passive states, expressed as:

�a = aH (15)

�p = bH (16)

in which a = 0.001–0.005 and b = 0.05–0.1.
The effectiveness of the proposed method has been

described elsewhere (Tokimatsu et al., 2003b).

4.4 Subgrade reaction of pile

The relation between subgrade reaction and relative
displacement is given by:

p = khByr (17)

in which p is subgrade reaction, B is diameter of pile
and yr is relative displacement, and kh is coefficient
subgrade reaction given by:

F1

PEa PEp
F2

Q

F: Inertial force (= F1+F2)
PE: Total earth pressure (= PEp–PEa)
Q: Shear force at pile head

Figure 35. Earth pressure acting on embedded foundation.
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Kh = Kh1
2

1 + |yr/y1| (1 − U )α (18)

in which U is pore water pressure ratio and α is con-
stant being equal to 0.5–1.0, y1 is reference value of yr ,
and kh1 is reference value of kh and can be estimated
by (Architectural Institute of Japan, 2001):

kh1 = 80E0B−0.75
0 (19)

E0 = 0.7N (20)

in which E0(MN/m2) is modulus of deformation, N
is SPT N-value, and B0 is pile diameter in cm.

From Equations 17 and 18, the subgrade reaction is
given by:

p = 2Khl

1 + |yr/y1| (1 − U )αByr (21)

In Equation 21, with yr enlarged to infinite, the
maximum subgrade reaction, pmax, is given by:

pmax = 2Khl(1 − U )αBy1 (22)

To estimate pile performance in the field where the
recovery in effective stress is unknown, both Pyl and
kol of liquefied soils may be assumed, for example,
according to the following equations, as illustrated in
Figure 37 (AIJ, 2001).

Kh1 = β1Kho (23)

Py1 = α1Pyo (24)

in which py is ultimate lateral resistance defined as:

pyo = 3Kpσ
′
vo (25)

in which σ ′
vo is the initial effective confining pressure,

Kp is the Rankine passive earth pressure coefficient
and α1 and β1 are scaling factors in terms of SPT

P

y

Pyo

Pyl =  P y o

kho

khl =  k ho

Figure 37. Analytical model for p–y spring.
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N-value as shown in Figure 38 where α1 is tentatively
equal to β1 (AIJ, 2001). The scaling factor in the figure
is 0.05, 0.10, and 0.40 for loose, medium, and medium
dense sands, respectively, which are equivalent to the
recovery in effective stress ratio around a pile in lique-
fied soil having a similar soil density and at a relative
displacement of about 3–5% of pile diameter (Japan
Road Association, 1997; Tokimatsu et al., 2002).

5 EFFECTIVENESS OF PSEUDO-STATIC
ANALYSIS FOR ESTIMATING PILE
PERFORMANCE

Tokimatsu and Asaka (1998) and Tokimatsu (2003a)
applied the abovementioned pseudo-static analysis to
well-documented case histories. They concluded that
it could reproduce qualitatively the significant features
of the pile damage in the field and could be used to
explain the effects of lateral spreading on pile dam-
age in the field. In addition, they suggested that the
difference in deformation modes observed within a
building in the laterally spreading zone was presum-
ably induced by the difference in spatial variations of
lateral spreading. The accumulation of data from the
large shaking table tests further offers an opportunity
to examine the effectiveness of the pseudo-static analy-
sis. Described in the following is a comparison of such
analytical results with the shaking table test results
shown in Chapter 3.

5.1 Simulation of stresses in piles in level ground

To demonstrate the effectiveness of the pseudo-static
analysis, the maximum bending moment, shear force
and axial force in all the thirty-one tests described in
Section 3.1 were computed (Tokimatsu et al., 2005b).
It is assumed that the inertial force is equal to the
observed maximum and that the ground displace-
ment above the base of the foundation is equal to
the observed maximum at the ground surface and
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Figure 39. Comparison of estimated pile stresses with observed pile stresses.

-20 -10 0 10 20

0

1

2

3

4

5

-20 -10 0 10 20-5 0 5 10 15

0

1

2

3

4
-5 0 5 10 15

D
ep

th
 (

m
)

Bending Moment (kNm)

DBS DBL SBS SBL

(d)(c)(b)(a)

D
ep

th
 (

m
)

Bending Moment (kNm)

Estimated 
Observed

Fmax = 78 kN 
ygmax = 10 mm

Fmax  = 60 kN 
ygmax = 9 mm

Fmax = 24 kN 
ygmax = 75 mm

Fmax = 28 kN 
ygmax = 68 mm

Figure 40. Distributions of observed and estimated bending moment in shaking table tests.

decreases linearly to zero at the base of the laminar
box in dry sand or at the bottom of the liquefied layer in
saturated sand. The N-value to be used in Equation 20
is estimated from the CPT resistance measured prior
to each shaking table test. It is also assumed that α
is 0.1 for liquefied sand and 1.0 for the non-liquefied
sand and gravel, y1 in Equation 18 is 1.0% of the pile
diameter, φ is 30 degrees and that δa and δp are 0.5%
and 5% for the height of the foundation.

Figure 39 compares the estimated maximum bend-
ing moments, shear forces, and axial forces at the
pile heads with observed ones. The computed pile
stresses agree reasonably well with the observed val-
ues irrespective of such factors as input acceleration,
ground displacement, pile stiffness, natural periods
of structure and ground, and presence of embed-
ment. The good agreement indicates that the proposed
pseudo-static analysis considering such factors as the
combination of inertial and kinematic effects, earth
pressure acting on embedded foundation and scaling

factor for p–y spring is promising for estimating pile
stress during earthquakes.

Figure 40 compares the observed and computed
moment distributions of the four tests (DBS, DBL,
SBS, and SBL). The computed moment distributions
agree reasonably well with the observed ones. The
good agreement indicates that the proposed pseudo-
static analysis considering such factors as the combi-
nation of inertial and kinematic effects, earth pressure
acting on embedded foundation and scaling factor for
p–y spring is promising for estimating stresses in piles
in level ground during earthquakes.

5.2 Simulation of stresses in pile in laterally
spreading ground

To estimate the stresses in the stiff and flexible piles
in the laterally spreading ground in Section 3.3, it is
assumed that the ground displacement is equal to the
observed one, the value of which is 200 mm at 5.5 s and
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Figure 42. Distributions estimated and observed bending strains in later stage of laterally spreading.

400 mm at 20 s. kh1 is given by the N-value computed
from the CPT resistances measured prior to each shak-
ing table tests and y1 is one percent of a pile diameter.
β is assumed to change from 0.1 in 5.5 s to 0.02 in 20 s,
to take into account the degradation of soil stiffness
during lateral spreading (Suzuki & Tokimatsu, 2009).

Figures 41 and 42 compare the estimated and
observed bending strains of the stiff and flexible piles
for the two instants, i.e. 5.5 s and 20 s, in Tests 1 and 2.
The estimated bending strains of both flexible and stiff
piles agree reasonably well with the observed ones.
Namely, that of the flexible pile is almost the same
between the two instants (Figures 41b, d and 42b, d),
while that of the stiff pile is smaller at 20 s than at
5.5 s, despite the increased ground displacement at
20 s. The decease in bending strain of the stiff pile
is due probably to the degradation of soil stiffness
induced by the large relative displacement. Proba-
bly, the subgrade reaction of the stiff pile reaches
the ultimate value due to large relative displacement
before the large strain enough to cause pile yielding to
develop. In contrast, the flexible pile yields before the
subgrade reaction reaches the ultimate value. In addi-
tion, the estimated bending strain of the stiff pile is

larger in Test 1 than in Test 2, while that of the flexible
pile is almost the same between the two. This suggests
that the effects of non-liquefied crust layer are more
significant on the stiff pile than on the flexible pile. The
abovementioned trends in estimated bending strains
are in good agreement with the observed ones.

5.3 Simulation of stresses in pile group in dry sand

To estimate the stresses in the pile group in both dry
and liquefied sands described in Section 3.5–3.8, it
was assumed that the inertial force and the ground
surface displacement were equal to the observed ones
when the bending moment and axial force become
the maxima, and that the ground surface decreased
linearly to zero at the base of the laminar box for dry
sand or at the bottom of the liquefied layer for sat-
urated sand. The coefficient of horizontal subgrade
reaction of each pile in liquefied sand was assumed to
be 0.1 times that in dry sand, regardless of the loca-
tion of the pile. Such a scaling factor in dry sand, on
the contrary, was assumed to vary depending on the
location, i.e., 1.0 in the front row, 0.7 in the second
row, and 0.4 in the third row. The bending moment and
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axial force in piles subjected to the two-dimensional
shaking were then estimated as the sum of those
obtained by applying the two orthogonal components
separately.

Figures 43 and 44 compare the computed maximum
bending moment distributions for nine piles with the
observed ones. Figure 45 compares the maximum
axial force at pile head with the observed ones. The
computed bending moment and axial force are in
good agreement with the observed ones in the two
tests. This suggests that the bending moment and axial
force in both non-liquefied and liquefied ground can
be estimated by considering the combined effects of
inertial and kinematic forces in the two-dimensional
horizontal plane.

5.4 Sensitivity analysis

To investigate crucial factors for reasonably estimating
pile stress, Tokimatsu et al., (2005b) made a sen-
sitivity study of the moment at the pile head using
the same pseudo-static analysis on soil-pile-structure
models shown in Figure 46.

The sensitivity of the moment at the pile head may
be estimated through the following moment ratio:

D = Mc

M0
(26)

in which M0 is the reference moment computed for
a test with the maximum inertial force, Fmax, and
ground displacement, yg max, observed in the test as
well as with a scaling factor of 0.1 for p–y spring and
the earth pressure model described in the previous
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Figure 46. Soil-pile-structure models in sensitive analysis.
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Figure 48. Contour of bending moment ratio of pile with foundation embedment in non-liquefiable crust.

chapter; and Mc is the one computed for the same
test but with different values of the parameters. In
the computation of Mc, the magnitudes of inertial
force and ground surface displacement are varied from
0.5 to 2.0 times the observed maximum ones, with a
scaling factor for p–y spring from 0.01 to 0.5. The
ratios of the assumed inertial force, Fc, and ground
displacement, ygc, with respect to the observed max-
ima, Fmax and yg max, are hereby called inertial force
ratio ( = Fc/Fmax) and ground displacement ratio
( = ygc/yg max). It is assumed that the ground displace-
ment is constant above the bottom of the foundation,
decreasing linearly to zero at the bottom of the liq-
uefied layer, and that the pile is always elastic. Two
test models SAS (without foundation embedment) and
SBS (with foundation embedment in a non-liquefiable
crust) that were subjected to a maximum input accel-
eration of about 2.4 m/s2 were considered in the
analysis.

Figures 47 and 48 show contours of the moment
ratio in a two-dimensional plane, the vertical and hor-
izontal axes of which are the inertial force ratio and
ground displacement ratio. Figure 47 shows that the
contours with a scaling factor less than 0.1 tend to
be horizontal but that those with a larger scaling fac-
tor incline from the upper left to the lower right and
becomes more vertical than horizontal when α = 0.5.
This is because the liquefied soil with a small scaling
factor (with low stiffness) can neither resist inertial

force from superstructure nor push piles while that
with a large scaling factor (with high stiffness) can do
both. This suggests that the inertial force effects domi-
nate over the ground displacement in controlling stress
in piles without foundation embedment when α < 0.1
but that both inertial and kinematic effects have strong
effects when α > 0.2 and may dominate when α > 0.5.

Figure 48 indicates that the contour lines with any
scaling factor incline from the upper left to the lower
right and are more vertical than horizontal irrespec-
tive of α. The larger the value of α, the more ver-
tical the contour line. This suggests that the effect
of ground displacement becomes dominant when the
foundation is embedded in a non-liquefiable crust.
This is because the earth pressure acting on the embed-
ded foundation, which does not exist in the case shown
in Figure 47, could play an important role in control-
ling pile stresses.

Figures 49 and 50 show the variation of the moment
ratio against either inertial force or ground displace-
ment ratio with the other fixed to unity for α = 0.01,
0.1, 0.2 and 0.5 in the two test models. For the piles
without foundation embedment (Fig. 49), the moment
ratio for α = 0.01 is linearly proportional to the iner-
tial force ratio (Fig. 49b) but almost constant against
the ground displacement ratio (Fig. 49a). The moment
ratio for α = 0.5, in contrast, is insensitive to the
inertial force ratio (Fig. 49b) but sensitive to the
ground displacement ratio (Fig. 49a). This suggests
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that the error in inertial force is crucial but the error
in ground displacement may not be equally crucial in
the liquefied soil with low stiffness, but that the error
in ground displacement may become critical in the
liquefied soil with high stiffness.

Unlike the case without foundation embedment as
shown in Figure 50, the pile moment ratio with founda-
tion embedment in a non-liquefiable crust in Figure 50
is more sensitive to ground displacement ratio than
inertial force ratio. This suggests that the ground dis-
placement may be significant and, in some cases, more
crucial than the inertial force. It is interesting to note
that the computed moment ratios at the pile head with
foundation embedment in a non-liquefiable crust layer
are almost the same regardless of α in Figure 50. This
is probably because the earth pressure acting on the
embedded foundation becomes dominant, masking the
effects of scaling factor for p–y spring. This suggests
that the scaling factor for liquefied sand seems less
important in estimating stress at the pile head with
foundation embedment in a non-liquefiable crust layer.
It is noted that this may not be the case for pile stress
at the bottom of the liquefied soil.

6 CONCLUSIONS

The field investigation of pile foundations that expe-
rienced the 1995 Hyogoken-Nambu earthquake has
shown the significant effects of cyclic and permanent

ground displacement in both liquefied and lateral
spreading grounds on damage to pile foundations.
Soil liquefaction that deamplified the ground motions
particularly in the period range less than 1s, in con-
trast, lessened the damage to superstructure in the
liquefied and laterally spreading areas, compared with
the extensive superstructure damage in non-liquefied
area.

The large shaking table tests conducted to estimate
the effects of dynamic soil-pile-structure interaction in
both dry and saturated sands have shown the following:

1. If the natural period of the structure is less than that
of the ground, the kinematic force tends to be in
phase with the inertial force, increasing the stress
in piles. The maximum pile stress tends to occur
when both inertial force and ground displacement
take the peaks in the same direction.

2. If the natural period of the structure is greater than
that of the ground, the kinematic and inertial forces
tend to be out of phase, restraining the pile stress
from increasing. The maximum pile stress hardly
occurs when both inertial force and ground dis-
placement take the peaks at the same time.

3. The above findings are valid for both dry and satu-
rated liquefied deposits. The maximum pile stress
may be estimated by applying both the inertial and
kinematic forces on the pile at the same time, if the
natural period of the structure is less than that of
the ground. It may be estimated as the square root
of the sum of the squares of the two moments esti-
mated by applying the inertial and kinematic forces
on the pile separately, if the natural period of the
structure is greater than that of the ground.

Effects of stress states in soil around piles on sub-
grade reaction development in liquefied and laterally
spreading ground have been investigated through large
shaking table tests with both level ground and inclined
ground. Discussions on the test results have shown the
following:

1. In both liquefied level ground and laterally spread-
ing ground, the extension and compression stress
states develop on the rear and front sides of a pile
with increasing relative displacement between soil
and pile. The pore water pressure on the exten-
sion side decreases due to the combined effects of
extension and shear stresses, while that on the com-
pression side maintains almost constant due to the
adverse effects of compression and shear stresses.

2. The increase in horizontal subgrade reaction of a
pile in liquefied and laterally spreading ground is
caused by the difference in pore water pressures
on both sides of the pile. The pile may be pulled
by the soil on the extension side. Such mechanism
of p–y behavior in liquefied soil is different from
that in dry sand where horizontal subgrade reaction
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is induced by the increase in soil pressure on the
compression side of the pile.

3. In liquefied level ground, the extension and
compression stress states alternately develop on
both sides of a pile. As a result, the pile is pulled
by the soil on the right and left sides alternately.
In laterally spreading ground, the extension stress
state develops on the downstream side of the pile
only when the ground moves downstream. As a
result, the pile is pulled only by the downstream
soil when the ground moves downstream.

4. The subgrade reaction in laterally spreading ground
consists of two components. One is induced by the
cyclic ground deformation, which becomes large
in a stiff pile. The other is induced by the perma-
nent ground deformation, which becomes large in
a flexible pile. This is because the stiff pile resists
ground movement, while the flexible pile follows
ground movement.

The results of the shaking table tests at E-Defense,
have led the following:

1. In the E-Defense shaking table test with a 3×3 pile
group having a pile spacing of 3.75 in dry sand, the
bending strain is larger in the leading piles than in
the trailing piles probably due to pile group effects
and the depth at which the inflection of bending
strains occurs is shallower in the leading piles than
in the trailing piles. The piles failed, accompanied
by tilt of the superstructure under the high input
motion. The piles not only suffered local buckling
at their heads but also in the ground. The depth
of the later failure varied from 0.7 to 1.0 m below
the pile heads, probably due to pile group effects
and the redistribution of pile stress following the
preceding failure of the leading piles. The direc-
tion of permanent pile deformation corresponds to
those of the strong axis of inertial force and ground
displacement.

2. In the E-Defense shaking table test with a 3 × 3
pile group having a pile spacing of 3.75 in lique-
fiable sand, the bending strain also becomes the
largest in the leading pile, with its variation within
the pile group is, however, quite small, compared
to the test with dry sand. All the pile heads yielded
under the largest input acceleration, causing resid-
ual deformation and settlement of the foundation in
the direction of the strong axis of the inertial force
and ground displacement.

3. The axial strain in piles decreases with depth in
non-liquefied ground but is almost constant or even
increases with depth in liquefied ground, probably
due to the reduction in positive frictional resistance
of the pile during soil liquefaction.

The results of the E-defense shaking table tests
together backup centrifuge shaking table tests regarding

pile group effects have further shown the following:

1. In the non-liquefied ground, the shear forces at
the pile heads tend to become larger in the lead-
ing row than in the trailing rows with decreasing
pile spacing. This is because the subgrade reaction
in non-liquefied ground is induced by an increase
in normal stress on the compression side of a pile
and such an increase is the largest in the leading
piles due to shadowing effects of pile group. Such
pile group effects are apparent at a pile spacing of
about 4.

2. In the liquefied ground, the shear forces at the pile
heads tend to become larger in the outside piles than
in the inside piles as the pile spacing decreases. This
is probably because, in the liquefied ground, the
subgrade reaction is induced by difference in pore
water pressure changes between compression and
extension sides of a pile, as shown in section 3.5.
This condition is well developed in the perimeter
piles but may not be the case in the inside piles. This
could lead to a decrease in the difference in pore
water pressures on both sides of the inside piles as
well as the smaller subgrade reaction in the inside
piles. Such pile group effects are apparent only at
a pile spacing less than about 3.

3. The critical pile spacing beyond which pile group
effects become notable, appears to be smaller in
dry sand than in liquefied sand, probably due to the
difference in strain level between the two.

4. The estimated bending moment based on pseudo
static analysis is in fairly good agreement with the
observed values both in dry and saturated liquefied
sands for both single and pile group. This suggests
that pseudo-static analysis is promising to estimate
pile stress with a reasonable degree of accuracy.

Pseudo-static analysis for estimating pile stress in
liquefiable and non-liquefiable sand has been pre-
sented in which inertial and kinematic effects observed
in large shaking table tests are incorporated, and its
effectiveness has been demonstrated through the com-
parison of observed and computed pile stresses in the
shaking table tests. Sensitivity analysis has been made
to differentiate from crucial and less crucial factors
affecting pile stress in liquefied soil. The following
conclusions may be made based on the test results,
analytical results, and their discussions:

1. The pseudo-static analysis can estimate the pile
stresses in large shaking table tests with a reason-
able degree of accuracy, regardless of the pile stiff-
ness, the presence of foundation embedment and
the occurrence of soil liquefaction.

2. The pseudo-static analysis can also reproduce qual-
itatively the significant features of the pile damage
in the field as well as in laterally spreading ground.

3. The difference in deformation modes observed
within the pile foundation in dry sand was induced
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by the pile group effects; whereas that in the
laterally spreading zone was presumably induced
by the difference in spatial variations of lateral
spreading.

4. The pile stress in liquefied soil with low stiffness
is governed by inertial force from the superstruc-
ture, while that with high stiffness is governed by
the ground displacement. The effects of inertial
force on pile stress become less significant when
the foundation is embedded in a non-liquefiable
crust overlying a liquefiable/soft layer.

5. The bending moment at the pile head without
embedment is sensitive to scaling factor for p–y
spring but becomes insensitive when the foundation
is embedded in a non-liquefiable crust.

6. The bending moment and axial force in piles caused
by the two-dimensional shaking can be estimated
by the sum of those obtained by applying the two
orthogonal components separately. The bending
moment depends only on the magnitude of com-
bined external (inertial and kinematic) force in
the two-dimensional horizontal plane, regardless
of the direction of its strong axis, resulting in almost
the same value within the pile group. In contrast, the
axial force depends not only on the magnitude of
combined external force but also on the direction
of its strong axis, inducing different axial forces
within the pile group.

7. In dry sand, the soil near the foundation tends to
act against the inertial force from the superstruc-
ture. The axial force is almost controlled by the
overturning moment that is induced by the iner-
tial force in the horizontal plane, with its rotational
axis near the bottom of the foundation. In lique-
fied sand, in contrast, the kinematic force arising
from the ground displacement tends to act with the
inertial force. The axial force is controlled by the
overturning moment that is induced by the com-
bined inertial and kinematic force in the horizontal
plane, with its rotational axis near the bottom of the
liquefied layer.
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ABSTRACT: Performance-based seismic design offers the potential for more rational and consistent design
of structures in different seismic environments. Although implemented in different ways in different regions of
the world at this early stage of its development, all performance-based design procedures require the definition
and quantitative characterization of performance. Performance can be defined in different ways, and different
performance metrics may be optimal for different purposes and different stakeholders. This paper reviews some
of the basic concepts and principles of performance-based earthquake engineering, and discusses different ways
of defining performance. The notion of damage limit states as measures of performance is discussed, and
different ways of implementing performance-based design in that system are introduced. The need for improved
procedures for specifying limit state capacities, and methods for doing so ranging from case history analysis to
expert opinion, are discussed. An example of a performance evaluation of a potential bridge design is presented.

1 INTRODUCTION

The development of performance-based earthquake
engineering (PBEE) concepts offers the promise of
more rational and consistent design of structures in
various seismic environments. While these concepts
are developing rapidly in many areas of the world,
their implementation has taken different forms so no
uniformly accepted procedures exist at this time. Nev-
ertheless, there are a number of unifying concepts
beneath all performance-based approaches, and these
concepts require that certain criteria be satisfied.

Among the most fundamental concepts behind
performance-based design (PBD) procedures is the
notion that a system of interest is being designed to
achieve a certain level of performance during (and
after) earthquake shaking. Therefore, the quantity
(or quantities) used to characterize performance must
be identified and quantified. The engineer has many
choices for measures of performance—some are more
effective than others and some are more difficult to
characterize than others. This paper reviews the nature
of performance and quantities used to characterize it,
and describes some of the procedures and challenges
faced by geotechnical earthquake engineers in the
implementation of performance-based seismic design
concepts.

2 PERFORMANCE IN EARTHQUAKES

The move toward PBD requires that engineers be
able to define performance in terms that are under-
standable and useful to the wide range of technical
and non-technical people who make decisions on the
basis of performance predictions. The term ‘‘perfor-
mance’’ can mean different things to different people.
An engineer might consider maximum interstory drift
of a building or settlement of a footing as a good
descriptor of performance. To an estimator preparing
a bid for repairs, the width and spacing of cracks in
columns or floor slabs could be more useful measures
of performance. Finally, to an owner, the economic
loss or downtime associated with earthquake damage
could be the best measure of performance.

These different notions of performance lead to a
relatively simple, but helpful, way of viewing the pro-
cess that leads to losses. As illustrated in Figure 1, an
earthquake produces ground motion, which leads to
dynamic response of a structure. That response can
lead to physical damage, and that damage can lead to
loss. The prediction of losses, or at least the likeli-
hood of a certain level of loss, therefore requires that
we also be able to predict ground motion intensity,
system response, and physical damage. Losses can be
viewed as the ultimate measure of performance since
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Figure 1. Illustration of the process that leads to earthquake
losses.

they are usually of greatest importance to those who
make the final decisions on seismic design, repair,
and retrofitting efforts. Losses, however, can be very
difficult to quantify so other measures of performance
must also be considered.

2.1 Terminology

In order to describe the process illustrated in Figure 1,
the notation developed by the Pacific Earthquake
Engineering Research (PEER) Center will be used
in this paper. The level of ground motion produced
by earthquake shaking can be characterized by one or
more Intensity Measures, or IM s, which could be any
of a number of ground motion parameters (e.g., amax,
Sa, Arias intensity, etc.). The response of the system of
interest (e.g., interstory drift, ground settlement, etc.)
to the ground motion can be described by Engineering
Demand Parameters, or EDPs. The physical damage
associated with the response (e.g., column, beam, or
slab cracking, etc.) is expressed in terms of Dam-
age Measures, or DM s. Finally, the losses associated
with the physical damage (e.g., casualties, repair cost,
downtime, etc.) are expressed in a form that is useful
to decision-makers by means of Decision Variables,
or DV s.

2.2 Intensity measures

Many ground motion parameters have been used as
IM s in seismology and earthquake engineering. The
merits of a particular IM relative to others that might
be used to describe the intensity of shaking lies in its
relationship to the response measure(s), or EDP(s),
of interest. An efficient IM is one that is closely
related to the most useful EDP, i.e. one for which
the uncertainty in EDP given IM is small. A sufficient
IM is one that captures all of the useful informa-
tion about the ground motion’s potential to produce
response, i.e., one for which additional ground motion
information provides no reduction of uncertainty in
EDP. A predictable IM is one that can be predicted
relatively accurately from earthquake source param-
eters, i.e., one for which the error term in its ground
motion prediction equation (or attenuation relation-
ship), σln IM , is low. Performance predictions can
be made most accurately when using IM s that are
efficient, sufficient, and predictable.

2.3 Engineering demand parameters

EDPs describe the response of a system of interest.
The most useful EDPs are those to which physi-
cal damage is most closely related. The ideas of

efficiency and sufficiency described in the preceding
paragraph can also be applied to EDPs—desirable
EDPs are efficient and sufficient predictors of phys-
ical damage. For many years, the primary measures
of response utilized by geotechnical engineers were
force—or stress-based. Quantities such as factors of
safety were defined as ratios of capacities to demands,
which were defined as resisting and driving forces,
or as shear strengths and shear stresses. Over the past
10–20 years, increasing recognition of the relation-
ship between deformations and serviceability, coupled
with the increased ability to compute deformations,
has led to deformation-based design. In this sense,
deformations are replacing forces as useful measures
of seismic response. With the development of new
computational models and more powerful comput-
ers, practicing engineers can perform sophisticated
numerical analyses with much greater ease than in the
past. The ease of performing these calculations must,
however, be tempered with a solid understanding and
recognition of their limitations, the uncertainty of the
data that goes into them, and the sensitivity of the
response to that data.

2.4 Damage measures

The characterization of physical damage in continu-
ous, quantitative terms is, at present, a very diffi-
cult task. If system response is to be characterized in
terms of deformations, then damage (or damage lev-
els) must be related to deformations. Optimum DM s
should be efficient and sufficient predictors of loss, so
the best DM s are those that a loss estimator would use
to quantify losses.

Some aspects of geotechnical design have been
characterized in terms of deformations for many years.
The design of shallow foundations on dense, granular
soil, for example, is rarely controlled by the strength of
the soil; rather, it is controlled by the amount of foot-
ing displacement required to mobilize resistance to the
applied footing load. Their design, therefore, has been
controlled by the concept of allowable settlement, a
term that is easily explained but difficult to define
accurately for general conditions. The allowable set-
tlement can be thought of as a capacity associated
with a particular limit state—the state of ‘‘excessive
settlement.’’ The consequences of being in this state of
excessive settlement, however, are usually not clear.
The implication is that something bad will happen if
settlements are excessive, but the details and extent
of that ‘‘badness’’ are not specified. This situation
leads to one of the most pressing needs for further
development and implementation of PBD, as will be
discussed later in the paper.

There are ways in which physical damage can be
quantified, i.e. expressed in terms of one or more
DM s. The number, spacing, and widths of cracks in
a floor slab, for example, could be used as DM s for
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a warehouse in an area underlain by liquefiable soils.
These DM s could provide an indication of the amount
of epoxy that might be needed to repair or overlay
the floor slab, and could be efficient and sufficient
predictors of the costs of that repair. For other sit-
uations, however, quantitative measures of damage
are difficult to characterize or may not be used by
loss estimation professionals. In such cases, quali-
tative limit states, such as ‘‘negligible’’ or ‘‘severe’’
damage may be defined in terms of various levels of
deformation.

2.5 Decision variables

Losses can take many forms—casualties, repair costs,
and losses associated with lack of utility of impor-
tant systems. The prevention of casualties has been
one of the most fundamental principles of seismic
design since engineers began designing for earth-
quakes, and it must continue to be treated as such.
With preservation of life safety accepted as a minimum
design objective, the level of performance that con-
trols design will generally be one that limits economic
losses to some acceptable value. What is acceptable
will naturally vary from one structure to another, and
from one owner/operator to another.

3 HISTORICAL AND CURRENT DESIGN
PROCEDURES

Procedures for seismic design of foundations and
earth retaining structures have grown out of proce-
dures used for design under static loading conditions.
Following the development of earthquake engineer-
ing, most early procedures accounted for the effects of
earthquakes by adding pseudo-static loads to the static
loading imposed by gravity. Design criteria were typ-
ically expressed in the same manner as static design
criteria—in terms of minimum acceptable factors of
safety under pseudo-static conditions. For founda-
tions, the factors of safety were against bearing failure,
sliding, etc. Factors of safety for earth structures were
typically applied to stability mechanisms.

These early procedures treated earthquake loading
in a very simplistic way and interpreted the adequacy
of a particular design in a binary manner—the design
was considered acceptable if the minimum factor of
safety was exceeded, and unacceptable if it was not.
The actual physical consequences of an unacceptably
low factor of safety were not specified or explicitly
considered, although they were usually implicitly con-
sidered in selection of the minimum factor of safety.
The use of pseudo-static loading required specifi-
cation of an appropriate pseudo-static acceleration,
which was addressed differently by different engi-
neers. Many engineers took the pseudo-static accel-
eration to be equal to the peak ground acceleration

with the logic that such a value would be conservative.
Of course, the problem of determining the appro-
priate peak ground acceleration was also significant.
Ground shaking hazards have moved from being speci-
fied deterministically to probabilistically, and it is now
common to define loading by an IM value correspond-
ing to a particular return period.

3.1 Foundations

The seismic design of foundations generally remains
primarily force-based, although LRFD procedures
allow for consideration of uncertainties in both load-
ing and resistance. Such designs are usually decou-
pled from design of the structure supported by the
foundation, generally due to the difficulty of per-
forming soil-foundation-structure interaction (SFSI)
analyses. The effects of foundation performance on
structural performance can only be reliably predicted
when the interaction of the structure and the founda-
tions are explicitly accounted for. Doing so properly,
however, requires analyses that are beyond the lim-
itations of time and budget associated with most
design projects. Further limitations come from the
paucity of analytical codes that are capable of mod-
eling both soils and structures with the level of detail
and accuracy required for quantitative damage pre-
diction. The relatively recent development of macro-
element foundation models (e.g., Cremer et al., 2001,
2002; Chatsigogos, 2007) offer the potential for more
computationally efficient prediction of foundation
deformations under dynamic loading.

3.2 Earth structures

Over time, geotechnical earthquake engineers have
increasingly recognized the close relationship between
serviceability and deformations of earth structures.
They also began, spurred by the development of slid-
ing block analyses (Newmark, 1965) to recognize that
large, high-frequency peak accelerations would not
necessarily cause large deformations. Pseudo-static
analyses, due primarily to their simplicity and con-
venience, remained popular so attempts at relating
the results of pseudo-static analyses to deformations
began to develop. Hynes-Griffin and Franklin (1984),
for example, stated that earth dams with pseudo-static
factors of safety greater than 1.0 using pseudo-static
accelerations of half of the expected peak ground
acceleration would not develop ‘‘dangerously large’’
deformations. These conclusions were based on an
extensive series of Newmark analyses, but neither the
distributions of displacement nor the definition of
dangerously large deformations were provided.

Sliding block analyses have been used to develop
convenient graphical and analytical models for estima-
tion of permanent displacements of earth structures.
The graphs produced by Makdisi and Seed (1978),

109

©2009 Taylor & Francis Group, London, UK

  



for example, have been used for many years, and
improved analytical expressions (e.g., Bray and
Travasarou, 2007) are now available.

Modern earth structures are commonly designed for
deformations being limited to some allowable value for
one or more hazard levels. The allowable deformation
values vary from one situation to another, but are usu-
ally based more on judgment and experience than on
an explicit relationship between response and physical
damage.

4 PERFORMANCE PREDICTION

The Pacific Earthquake Engineering Research Cen-
ter (PEER) has proposed a framework for PBEE. The
framework makes use of the previously described nota-
tion, and recognizes the fact that IM s, EDPs, DM s,
and DV s, as well as the relationships between them,
are all uncertain. The PEER framework is encapsu-
lated in a ‘‘framing equation’’ formally presented in
its most general form as

λ(DV ) =
∫∫∫

G(DV |DM )|dG(DM |EDP)|
× |dG(EDP|IM )||dλ(IM )| (1)

In Equation (1), G(a|b) denotes a complementary
cumulative distribution function (CCDF) for a condi-
tioned upon b (the absolute value of the derivative of
which is the probability density function for a con-
tinuous random variable) and the bold type denotes
vector quantities. From left to right, the three CCDFs
result from loss, damage, and response models; the
final term, dλ(IM ) is obtained from the seismic haz-
ard curve. The framing equation implicitly assumes
that the quantities used to describe IM , EDP, and
DM are sufficient predictors of EDP, DM , and DV ,
respectively.

4.1 Continuous variables

This triple integral can be solved directly only for an
idealized set of conditions, so it is solved numerically
for most practical problems. When all variables are
continuous, the numerical integration can be accom-
plished (assuming scalar parameters for simplicity) as

λDV (dv) =
NDM∑
k=1

NEDP∑
j=1

NIM∑
i=1

P[DV > dv|DM = dmk ]

× P[DM > dmk |EDP = edpj]
× P[EDP > edp|IM = imi]� λIM (imi)

(2)

where P[a|b] describes the probability of a given b,
and where NDM, NEDP, and NIM are the number of
increments of DM, EDP, and IM, respectively.

The PEER framework has the useful benefit of
being modular. The discretized framing equation
(Equation 2) can be broken down into a series of
components, e.g.,

λEDP(edp) =
NIM∑
i=1

P[EDP > edp|IM = imi]

× � λIM (imi) (3a)

λDM (dm) =
NEDP∑
j=1

P[DM > dm|EDP = edpj]

× � λEDP(edpj) (3b)

λDV (dv) =
NDM∑
k=1

P[DV > dv|DM = dmk ]

× � λDM (dmk ) (3c)

which means that hazard curves can be computed for
EDP, DM, and DV and interpreted in the same manner
as the more familiar seismic hazard curve (for IM )
produced by a PSHA.

4.2 Discrete damage and loss states

Equations (3) assume the availability of continuous
IM s, EDPs, DM s, and DV s. IM s are generally com-
puted from recorded ground motions and are there-
fore nearly always continuous (an exception could be
when a categorical quantity such as Modified Mer-
calli Intensity is used in lieu of a quantitative IM ).
Response quantities are usually predicted from IM s
and expressed as forces, displacements, rotation, etc.;
such quantities used as EDPs are also continuous. In
some cases, however, continuous DM s may not be
available or practical. Discrete DM s, and even dis-
crete DV s, can also be incorporated into the PEER
PBEE methodology. For example, damage could be
divided into five damage states described in qualita-
tive terms—say, negligible, minor, moderate, severe,
and catastrophic—each defined in a manner related
to prediction of losses. In this approach, ranges of
EDPs corresponding to each damage state must be
determined. A damage probability matrix, X , can be
defined such that its elements represented the proba-
bilities of being in damage state k given that the EDP
is in EDP range j.

Xjk = P[DM = dmk |EDP = edpj] (4)

For the case of the previously listed five damage
states, the damage probability matrix is represented in
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Table 1. Damage probability matrix.

EDP range

Damage
State, DM Description edp1 edp2 edp3 edp4 edp5

dm1 Negligible X11 X12 X13 X14 X15
dm2 Slight X21 X22 X23 X24 X25
dm3 Moderate X31 X32 X33 X34 X35
dm4 Severe X41 X42 X43 X44 X45
dm5 Catastrophic X51 X52 X53 X54 X55

tabular form as shown in Table 1. The EDP ranges can
be defined by four EDP threshold values (accepting
that EDP = 0 corresponds to the lower bound of neg-
ligible damage, and that EDP = ∞ corresponds to the
upper bound of catastrophic damage).

Because a given value of the DM can come from
different EDP ranges (i.e. there is uncertainty in the
EDP-DM relationship), multiple non-zero terms are
present in each row of the damage probability matrix
shown in Table 1; what is required of this matrix is that
the values in vertical columns sum to unity, i.e. that
�Xjk = 1.0, j = 1, NDM for all k; this is equivalent to
saying that the damage for a given EDP must fall into
one of the five damage states. The total probability
theorem can then be used to compute the probability
of being in a given damage state using the conditional
distribution of DM |EDP and the distribution of EDP
ranges, i.e.

P[DM = dmk ] =
NEDP∑
j=1

P[DM = dmk |EDP = edpj]

× P[EDP = edpj] (5)

A series of loss states, each of which were described
by discrete DV values, can also be defined; the DV
selected for loss evaluation could be taken as the frac-
tion of replacement cost of the system under consider-
ation, a quantity referred to subsequently as the repair
cost ratio, RCR. A loss probability matrix, Y , can be
defined such that the individual elements

Ykl = P[DV = dvl |DM = dmk ] (6)

The loss probability matrix can be illustrated in
tabular form as shown in Table 2.

Because uncertainty exists in the cost associated
with a given damage state, a given value of DV can
result from different damage states. Therefore, the
total probability theorem can again be used to com-
pute the probability of a particular loss level given the
different damage states.

Table 2. Loss probability matrix.

Damage state

Loss state, DV dm1 dm2 dm3 dm4 dm5

dv1 Y11 Y12 Y13 Y14 Y15
dv2 Y21 Y22 Y23 Y24 Y25
dv3 Y31 Y32 Y33 Y34 Y35
dv4 Y41 Y42 Y43 Y44 Y45
dv5 Y51 Y52 Y53 Y54 Y55

P[DV = dvl] =
NDM∑
k=1

P[DV = dvi|DM = dmk ]

× P[DM = dmk ] (7)

Substituting Equation (5) into Equation (7) allows
calculation of losses directly from response

P[DV = dvl] =
NDM∑
k=1

NEDP∑
j=1

P[DV = dv|DM = dmk ]

× P[DM = dmk |EDP = edpj]P[EDP = edp] (8)

or, substituting Equations (4) and (6) into (8),

P[DV = dvl] =
NDM∑
k=1

NEDP∑
j=1

Xjk YklP[EDP = edpj] (9)

From this, the exceedance probability for a given
cost level can be written as

P[DV > dvl] =
NDV∑

l=l+1

NDM∑
k=1

NEDP∑
j=1

Xjk YklP[EDP = edpj] (10)

4.3 Discussion

The methodology described in the preceding para-
graphs allows estimation of performance at the loss
level; the ultimate result of a complete PBEE eval-
uation could be expressed in terms of a loss curve,
i.e., a relationship indicating the return periods (or
annual probabilities) associated with different levels
of loss. Loss modeling is, at the present state of PBEE
development, a relatively unrefined subject. Combin-
ing losses due to casualties with economic losses is
an extremely difficult problem. Estimating indirect
losses, i.e., the losses associated with loss of utility,
has also proven to be very difficult. Due to uncer-
tainties in quantities and unit costs, which can be
affected by uncertain factors such as future material
and labor costs, interest rates, repair times, etc., con-
siderable uncertainty also exists in loss modeling. As
a result of all of these difficulties, PBEE is more effec-
tively implemented at this point in time at the damage
level.
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5 DAMAGE LIMIT STATE DESIGN

Modern geotechnical design has been migrating toward
load and resistance factor design (LRFD) for some
years. This terminology, however, is inconsistent with
the ongoing transition from force- to deformation-
based design. Following the structural engineering
nomenclature of using the term ‘‘demand’’ to describe
system response (for either force- or deformation-
related quantities) and the term ‘‘capacity’’ to describe
resistance (also in terms of forces or deformations),
a more general design procedure called demand and
capacity factor design (DCFD) can be formulated
(Cornell et al., 2002; Jalayer, 2003). In this formula-
tion, demand and capacity factors are analogous to the
load and resistance factors used in LRFD.

The development of DCFD procedures for geotech-
nical seismic design will require consideration of seis-
mic loading, geotechnical response to seismic loading,
and damage resulting from geotechnical response.
When an earthquake occurs, the resulting ground
motions cause structures, foundations, and the soils
that support them to respond dynamically. That
response may be weak or strong, depending on the
level of ground motion and the nature of the struc-
ture, foundations, and soil. Geotechnical engineers
use response models to predict the response of soils
and foundations to ground motions. The response, in
turn, can lead to physical damage. The damage may
be low or high, depending on the level of response
and the nature of the soil, foundations, and struc-
ture. A damage model is required to relate damage to
response.

One approach to developing demand and capac-
ity factors can be described using the PEER notation
described previously. The response model is used to
compute the EDP resulting from a given IM, i.e EDP =
R(IM ), and the damage model is used to estimate the
DM resulting from a given EDP, i.e. DM = D(EDP) It
should be noted that these elements have both random-
ness (inherent) and uncertainty (lack of knowledge)
associated with them; the development of demand and
capacity factors will need to characterize all of these
sources of randomness and uncertainty.

From Equation (3a), the mean annual rate of exceed-
ing an EDP level, edpj, can be expressed as

λEDP(edpj) = V
NIM∑
i=1

P[EDP > edpj|IM = imi]

× P[IM = imi] (11)

where ν is the mean annual rate of earthquakes exceed-
ing some minimum magnitude. If the maximum allow-
able damage level for a given damage state is denoted
as DM = dm*, the damage function (assumed deter-
ministic for the time being) can be inverted to com-
pute the corresponding maximum acceptable response

level, edp*. Note that edp* is a measure of resistance,
or capacity (e.g. maximum allowable displacement for
the given damage state). For simplicity, the allowable
response capacity will be described hereafter by the
random variable, C, so

edp∗ = D−1(dm∗) = c (12)

Assuming the IM hazard curve can be expressed as
λIM (im) = ko(im)−k (after Sewell et al., 1991) and that
the response model can be expressed in the form, edp =
a(im)b, a closed-form solution for a response hazard
curve can be obtained (Jalayer, 2002), as illustrated in
Figure 2.

The mean annual rate of exceeding some known
capacity level, C = c, is therefore given by

λEDP|C(c) = k0

( c

a

)−k/b
exp

[
1

2

k2

b2
σ 2

ln EDP|IM

]
(13)

Recognizing that the capacity is also uncertain (due
to randomness and uncertainty in soil and foundation
properties and uncertainty in response), the EDP haz-
ard curve considering uncertainty in capacity can be
expressed as

λEDP(edp) =
∞∫

0

λEDP|C(c)fc(c)dc (14)

Inverting the median response and damage models,
we can find the value of IM that would produce the
median limiting damage state, dm∗, as

im∗ = R−1(c) = R−1[D−1(dm∗)] (15)

If the capacity is assumed to be lognormally dis-
tributed with median, μln C , and standard deviation,
σln C , the mean annual rate of exceeding the capacity
can be expressed as

λEDP(c) = λIM (imμln C ) exp
[

1

2

k2

b2
σ 2

ln EDP/IM

]

× exp
[

1

2

k2

b2
σ 2

ln C

]
(16)

Figure 2. Closed-form expression for response hazard
curve.
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This equation can be rearranged to be expressed in
the form

μln EDP(imp) · γ = μln C · φ (17)

where μlnEDP (imp) is the natural logarithm of the
median EDP for a given IM = imp, p is an accept-
able probability of capacity exceedance, μln C is the
natural logarithm of the median capacity, and

γ = exp
[

1

2

k

b
σ 2

ln EDP|IM

]
(18)

φ = exp
[
−1

2

k

b
σ 2

ln C

]
(19)

In this form, therefore, γ and φ represent demand
and capacity factors (analogous to load and resis-
tance factors), respectively. Both are influenced by
the ground motion hazard (through the variable, k)
and the response model (through the variable, b), and
by uncertainties in both response (loading) and capac-
ity (resistance). The demand factor can be seen to
increase with increasing uncertainty and the capacity
factor to decrease with increasing uncertainty. The
factored demand (left side of equation) depends on
the design probability level, but the factored capacity
(right side) does not.

The preceding paragraphs have described a frame-
work for an LRFD-like implementation of
performance-based design. This basic framework was
developed and has been implemented for steel moment
frames (Cornell et al., 2002). It requires identification
and quantitative characterization of one or more dam-
age limit states that define performance. It recognizes
that such limit states are uncertain and accounts for
that uncertainty in the design process.

6 EVALUATION OF LIMIT STATE CAPACITIES

A PBD system based on damage limit states requires
definition of the limit states and establishment of the
boundaries between the limit states. These bound-
aries can be expressed in terms of allowable levels
of response, and thought of as describing the capac-
ity of the system of interest to resist different lev-
els of response with various levels of damage. The
boundaries themselves must be recognized as being
uncertain, therefore knowledge of the distributions
of the limit state boundaries is required. There are
several ways in which limit state boundaries can be
determined.

6.1 Case histories

The ideal way in which limit state boundaries could
be defined would be through interpretation of damage
levels observed in a large database of well-documented
case histories. Such case histories would have detailed

surface and subsurface geometry and material
property data, nearby recorded ground motions, and
detailed records of the nature, amount, and distribution
of observed damage. Unfortunately, such databases
do not exist at this time. Large, damaging earthquakes
occur relatively rarely, and site-specific geometric,
material, and ground motion data are not usually
available even when they do occur. The types of field
reconnaissance investigations frequently led by U.S.
and Japanese engineers following strong earthquakes,
however, adds greatly to the geotechnical engineer-
ing profession’s ability to characterize earthquake
damage.

An example of a case history-based geotechnical
damage state methodology is the Liquefaction Poten-
tial Index (Iwasaki et al., 1978). The Liquefaction
Potential Index is defined as

LPI =
∫ z=20m

z=0
w(z)Fdz (20)

where w(z) = 10 − 0.5z with z in meters and F =
max(0, 1-FSL). LPI therefore can vary from 0 to 100;
Iwasaki et al. (1982) determined that surficial effects
of liquefaction (ground cracking, structural distress,
etc.) were not observed for LPI < 5 and that severe
effects were likely when LPI > 15. Toprak and Holzer
(2003) used CPT data to compute LPI values in the
Monterey Bay area of California and found general
agreement with the effects expressed by Iwasaki et al.
(1982); they also found that lateral spreading occurred
for LPI > 12. By quantifying boundaries between dif-
ferent damage levels, LPI can be used to define limit
states.

Structural engineers have made use of the Park-Ang
(Park and Ang, 1985) damage index for reinforced
concrete structures. This index is defined as a linear
combination of maximum deformation and dissipated
energy.

DI = umax

umon
+ β

Eh

Fyumon
(21)

where umax is the peak displacement, umon is the ulti-
mate monotonic displacement, Fy is the yield force,
Eh is the dissipated energy, and b is a model parameter
usually on the order of 0.10–0.15. The Park-Ang index
has been applied to laboratory component tests and
field observations. Damage limit states have been pro-
posed (Table 3) based on ranges of Park-Ang damage
index values.

6.2 Model test

Model tests are frequently used to study the response of
soil-foundation-structure systems to earthquake shak-
ing. Geotechnical centrifuges have seen increasing use
in research investigations over the past 20 years. While
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Table 3. Proposed relationship between Park-Ang damage
index and damage limit states (after Golafshani et al., 2005;
Ang et al., 1993).

Degree of Physical Damage State of
damage appearance index building

Slight Sporadic occurrence <0.1 No
of cracking damage

Minor Minor cracks: partial 0.1–0.25 Minor
crushing of concrete damage
in columns

Moderate Extensive large 0.25–0.4 Repairable
cracks: spalling of
concrete in weaker
elements

Severe Extensive cracking 0.4–1.0 Beyond
of concrete; disclosure repair
of buckled
reinforcement

Collapse Partial or total collapse >1.0 Loss of
of building building

they allow the modeling of complex systems with real-
istic boundary conditions, the small model scale usu-
ally requires the use of materials other than those that
would be used in the prototype structure. Pile foun-
dations, for example, are usually constructed of alu-
minum tubing; although the dimensions and thickness
of the tubing may be controlled to match that of, say, a
prototype-scale prestressed concrete pile, the mecha-
nisms of damage will be very different. Nevertheless,
centrifuge model tests do allow insight into damage
mechanisms and inferences about damage states can
usually be drawn more accurately with the results of
such tests than without.

Large-scale shaking tables (e.g., Tamura et al.,
1999; Tamura et al., 2001; Cubrinovsky et al., 2006)
offer the potential for testing of much larger physical
models under 1-g conditions. Model foundations
constructed of concrete can be used in large shaking
tables, which allow damage in the form of cracking to
be observed and investigated. The enormous volumes
of soil involved in such tests, however, makes their
performance much more time-consuming and costly
than model tests using centrifuges.

6.3 Numerical analysis

Numerical analyses can be used to simulate the
response of soil-foundation-structure systems, and
their results can be used to draw inferences about dam-
age. Direct computation of damage can be achieved for
some damage mechanisms (e.g., yielding and plastic
deformation of metallic elements) but remains diffi-
cult for others (e.g., concrete cracking). Nevertheless,
damage can be estimated from other parameters—for
example, experimental databases (e.g., Berry et al.,
2004) can be used to relate concrete cracking, spalling,

and failure to drift ratio, a quantity that can be calcu-
lated through numerical analyses.

Many textbooks provide values for quantities such
as allowable settlement, in many cases without ref-
erence to the type of structure that is potentially
damaged by the settlement. By analyzing soil-
foundation-structure systems with advanced models
capable of capturing the nonlinear, inelastic response
of soils, structures, and the interfaces between them,
site- and structure-specific estimates of damage can
be developed. Such analyses, however, must be recog-
nized as being relatively difficult and time-consuming.

6.4 Expert opinion

In the absence of the preceding sources of damage
state information, damage states can be defined using
expert opinion. Based on observations of ground fail-
ure following the 1999 Kocaeli earthquake, Bray and
Stewart (2000) defined a four-level Ground Failure
Index (Table 4). The four indices can be interpreted
as damage states and the values listed in the interpre-
tation of each can provide some rough guidance as to
bounding values of response (e.g., settlement and/or
lateral movement.

Table 4. Geotechnical damage index (Bray and Stewart,
2000).

Index Description Interpretation

GF0 No observable No settlement, tilt, lateral
ground failure movement, or boils

GF1 Minor ground Settlement, D < 10 cm;
failure tilt of > 3-story

buildings < 1 dgree;
no lateral movements

GF2 Moderate 10 < D < 25 cm; tilts
ground failure of 1–3 degrees;

small lateral movements
(<10 cm)

GF3 Significant D > 25 cm; tilts of
ground failure >3 degrees; lateral

movements >25 cm.

Table 5. Damage state displacement ranges
(Upsall, 2006).

Horizontal Vertical
displacement displacement

Damage state (cm) (cm)

Negligible 0–1 0–1
Minor 1–4 1–6
Moderate 4–12 6–20
Severe 12–50 20–60
Catastrophic 50+ 60+

114

©2009 Taylor & Francis Group, London, UK

  



Upsall (2006) polled a group of practicing
geotechnical engineers in the Seattle, Washington area
and another group of experienced earthquake recon-
naissance experts for their opinions on the amounts
of vertical and horizontal soil movement required to
produce damage states that would be described as
negligible, minor, moderate, severe, and catastrophic.
The group of practitioners suggested displacement
values that were considerably lower than those sug-
gested by the reconnaissance experts, particularly for
the higher damage states. Combining the results with
greater weight given to the values from the recon-
naissance experts produced the displacement ranges
shown in Table 5, which are not inconsistent with the
limit states of Bray and Stewart (2000).

Although conducted informally, the damage states
information in Tables 3 and 4 illustrate the type of
information that can be developed based on expert
opinion and used for implementation of damage limit
state design. Improved versions of these damage state
definitions could be obtained by gathering groups of
engineering and loss estimation experts and formally
eliciting their opinions on damage state boundaries.

7 EXAMPLE—PERFORMANCE OF A
HIGHWAY BRIDGE IN LIQUEFIABLE SOIL

An example of a performance evaluation using dif-
ferent criteria has been developed by a team of PEER
researchers. Shin et al. (2008) described the evalu-
ation of a highway bridge typical of that designed
and construction by the California Department of
Transportation (Caltrans). The bridge is underlain
by liquefiable soil susceptible to lateral spreading
(Figure 3). The bridge consists of a five-span rein-
forced concrete structure with a post-tensioned rein-
forced concrete box girder deck section. The pier
columns are circular with a 1.2 m (4 ft) diameter.
Details on the bridge structure design are presented by
Mackie and Stojadinovic (2007). The bridge columns
are supported by 3×2 pile groups with center-to-center
spacing of 1.83 m (6 ft). The individual piles are open-
ended steel pipe piles with a diameter of 0.61 m (2 ft)
and wall thickness of 0.0127 m (0.5 inch). The same
pile type is used for the 6 × 1 abutment foundations
with center-to-center spacing of 2.44 m (8 ft).

Accurate estimation of performance required
development of a detailed model of the soil-foundation-
structure system. The bridge piers and pile groups are
labeled from the left abutment as Pier 1, Pier 2, Pier 3,
Pier 4, and Pile 1, Pile 2, Pile 3, Pile 4, respectively.
The pile groups at the left and right abutments are
labeled as Pile 0 and Pile 5.

7.1 Soil conditions

The soil below the left embankment consists of a
medium stiff clay crust underlain by a thin, loose to
medium dense sand, a layer of stiff clay, and a dense
sand layer underlain by rock. The soil beneath the right
embankment consists of the same clay crust underlain
by a thicker layer of loose sand, followed by a dense
sand layer underlain by rock. The lower clay layer
below the left abutment becomes thinner toward the
center of the bridge and does not exist below the right
embankment. The embankments are 8.53 m (28 ft)
high with 2:1 side slopes. The groundwater table is
located at the bottom of the surface clay layer. The
soil types and properties are shown in Table 6. The
configuration of the bridge structure and abutment is
shown in Figure 4.

7.2 Numerical model

The soil-foundation-structure system was modeled
in OpenSees. The Pressure Dependent Multi-Yield
(PDMY) elasto-plastic material model developed by
Yang et al. (2003) was used to model sandy soils. To
account for saturated conditions, the PDMY mate-
rial was coupled with a Fluid Solid Porous Material
(FSPM) model that allows the generation of pore pres-
sures. Clays were modeled with a Pressure Independent

Table 6. Soil types and properties.

Soil Unit weight Strength
layer Soil type (kN/m3) parameters

1 Dense sand 21.2 φ = 45◦
2 Medium stiff clay 17.3 c = 36 58 kPa
3 Loose and 18.0∼20.2 φ = 33 36◦
4 Medium stiff clay 17.3 c = 40 58 kPa
5 Dense sand 21.2 φ = 40◦

Figure 3. Target bridge system (dimensions in meters).
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(c)  (a)  (b)   

Figure 4. Structural configurations (a) abutment structure (b) bridge structure, and (c) bridge column section.

Figure 5. Modeling of soil-structure interaction in OpenSees.

Multi-Yield (PIMY) material. The soil parameters
used in this study were based on recommendations
(http://cyclic.ucsd.edu/opensees) for typical soil con-
ditions. The embankment side soil was extended
outward 73.2 m (240 ft) from the crest of each slope.

Several types of interface springs were used to cap-
ture important soil-structure interaction effects. The
parameters of these interface elements reflect the exis-
tence of different soil types, ground water conditions,
pile group effects, and passive earth pressures in the
pile caps and abutments. The 3 × 2 pile groups that
support the piers were simplified using equivalent two-
dimensional 1 × 2 pile group models that combined
the three piles in each out-of-plane row to produce
an equivalent single pile. In OpenSees, the equiv-
alent pile was generated by patching three individ-
ual pile sections without changing the diameter or
pile wall thickness. The pile group spring parame-
ters were factored (using p-multipliers) to consider
pile group effects. The p–y springs in the liquefiable
soils were modeled using the pyLiq1 model (Boulanger
et al. 1999 and 2004) available in OpenSees. The

pyLiq1 material was coupled with adjacent soil ele-
ments that provide porewater pressure information.
The spring resistance forces were based on API (1993)
criteria and were factored by the porewater pressure
ratio to approximate the liquefaction effect on soil-pile
structure interaction. Residual strengths after liquefac-
tion were calculated based on correlations to Standard
Penetration Test (SPT) values. Passive earth pressure
springs were used to capture the response of pile caps
and abutment backwalls. The envelope of the pile cap
passive earth pressure for clay followed the approach
(φ = 0 sliding wedge method) suggested by Mokwa
(1999). For the abutment wall resistance, the resultant
force-displacement envelope was based on Caltrans’
Seismic Design Criteria (2004).

The abutment backwall was 1.8 m (6 ft) high
and 13.7 m (45 ft) wide. The interaction between
the bridge deck and abutment was decomposed into
components that explicitly accounted for the bearing
pad, expansion joint gap, and the abutment backwall,
which was modeled as a structural ‘‘fuse’’ that would
break in shear to avoid transmitting high axial loads
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to the bridge girders. For the selected abutments,
the initial stiffness and ultimate resistance used were
164,300 kN/m/m (20 kips/in/ft) and 6,258 kN (1290
kips), respectively.

7.3 Computed response

The response of the system was computed for 40 input
motions corresponding to four different return periods.
A total of 23 EDPs (Table 7) were used to describe the
response of the system. Figure 6 shows an exaggerated
view of the permanent deformations of the system for
one particular input motion; the movement of both
approach embankments toward the center, accompa-
nied by bending of piles and columns, and the extent
of liquefaction are apparent from the figure. Figure 7
shows the variation of two EDPs with peak ground
velocity.

7.4 Damage modeling

Two approaches to damage modeling were taken in
this investigation. The first involved definition of dis-
crete damage and loss states for the foundations alone,
and the second treated those quantities as continuous
variables for the entire bridge system.

7.4.1 Discrete damage and loss states
Five discrete foundation damage states were correlated
to lateral foundation displacement—negligible, minor,

Table 7. Performance groups and associated EDPs.

Engineering demand
Performance group parameter, EDP

Column (4) Maximum and residual
tangential drift ratios

Expansion joint (2) Longitudinal abutment
displacement

Bearings (2) Bearing displacement
(absolute)

Back wall (2) Back wall displacement
Approach slab (2) Vertical abutment displacement
Deck segment (5) Depth of spalling
Abutment pile groups (2) Horizontal displacement
Interior pile groups (4) Horizontal displacement

moderate, severe, and catastrophic. Using the result
of a poll of experienced earthquake reconnaissance
experts and a degree of judgment, a damage proba-
bility matrix (Table 8) was established; note that the
damage states refer only to the foundation. Uncer-
tainty in the damage limit states is reflected in the
distributions of potential DM s for each EDP range.

The EDP hazard curves for the horizontal displace-
ment of each of the pile caps were used, along with
the damage probability matrix shown in Table 8, to
estimate damage levels associated with the computed
response. Since the damage levels were expressed
in terms of discrete, qualitatively described damage
states, the exceedance rates (and associated return
periods) are presented in tabular form in Table 9.

(a)

(b)

Figure 7. Variation of (a) settlement of the right approach
embankment and (b) maximum drift of Pier 4 with peak
ground velocity.

Figure 6. Displacement and pore water pressure ratio in soil (after shaking)—Erzincan, Turkey 1992, amax = 0.70 g
(displacement magnification factor = 20).
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Table 8. Damage probability matrix.

EDP range

Damage 4− 10− 30− >
state, <4 10 30 100 100
DM Description cm cm cm cm cm

dm1 Negligible 0.95 0.05 0.00 0.00 0.00
dm2 slight 0.05 0.80 0.20 0.05 0.00
dm3 Moderate 0.00 0.10 0.60 0.25 0.05
dm4 Severe 0.00 0.05 0.15 0.55 0.10
dm5 Catastrophic 0.00 0.00 0.05 0.15 0.85

Table 9. Tabular listing of mean annual rates of exceedance
and return period for various damage states.

Damage state

Foundation dm1 dm2 dm3 dm4 dm5

Left λDV 1.061 0.100 0.033 0.0004 0
abutment TR 0.9 10 30 2279 ∞

Pier 1 λDV 0.280 0.028 0.009 0.0002 0
TR 3.6 35 106 6112 ∞

Pier 2 λDV 0.039 0.005 0.002 0.0001 0
TR 25 214 640 1919 ∞

Pier 3 λDV 0.101 0.014 0.005 0.0003 0
TR 10 70 204 2885 ∞

Pier 4 λDV 0.110 0.017 0.006 0.0003 0
TR 9.1 60 178 2870 ∞

Right λDV 0.211 0.035 0.012 0.0012 0
abutment TR 4.7 29 82 809 ∞

The values shown in Table 9 indicate that a
moderate level of damage is much more likely to be
exceeded at the left abutment (TR = 30 yrs) and much
less likely to be exceeded at Pier 2 (TR = 640 yrs) than
at the other foundation locations. The relatively low
damage rate for Pier 2 results from its location at
a point where lateral spreading displacements (see
Figure 6) are lower than those of the other piers.
A severe level of damage is much more likely to be
exceeded at the right abutment (TR = 809 yrs) than at
the other locations.

A total of 11 loss states were defined for the
foundations; the loss states corresponded to estimated
foundation repair cost ratios of 0.0, 0.1, . . . , 1.0. The
loss probabilities assigned to each loss state are shown
in Table 10. Combining these loss probabilities with
the preceding damage rates produces the loss estimates
shown in Table 11.

7.4.2 Continuous damage and loss states
In order to evaluate performance of the entire bridge
system in terms of losses, performance-based analyses
were performed using continuous damage states for
all of the previously described performance groups.
The EDP levels corresponding to the different damage

Table 10. Foundation loss probability matrix.

Damage state

Decision Repair
variable, cost
DV ratio dm1 dm2 dm3 dm4 dm5

dv1 0.0 0.95 0.00 0.00 0.00 0.00
dv2 0.1 0.05 0.15 0.20 0.00 0.00
dv3 0.2 0.00 0.50 0.60 0.00 0.00
dv4 0.3 0.00 0.20 0.15 0.00 0.00
dv5 0.4 0.00 0.15 0.05 0.15 0.00
dv6 0.5 0.00 0.00 0.00 0.50 0.00
dv7 0.6 0.00 0.00 0.00 0.25 0.00
dv8 0.7 0.00 0.00 0.00 0.10 0.00
dv9 0.8 0.00 0.00 0.00 0.00 0.10
dv10 0.9 0.00 0.00 0.00 0.00 0.20
dv11 1.0 0.00 0.00 0.00 0.00 0.70

Table 11. Estimated loss levels at 100 and
1,000 yr return periods.

Foundation 100-yr RCR 1,000-yr RCR

Left abutment 0.62 0.77
Pier 1 0.46 0.71
Pier 2 0.24 0.53
Pier 3 0.35 0.67
Pier 4 0.37 0.69
Right abutment 0.52 0.93

states were assumed to be lognormally distributed; an
example for column damage based on maximum drift
ratio is shown in Table 12. These damage levels were
based on experimental observations as tabulated in a
column performance database (Berry et al., 2004). An
additional lower level damage state was defined for
the onset of column cracking.

Losses were expressed in terms of repair costs. The
repair cost data was initially estimated from various
Caltrans documents (Caltrans 2004; 2005) and then
updated based on discussions with Caltrans personnel.
Using the bridge column performance group again as
an example, repair methods included injecting cracks
with epoxy, replacing minor concrete spalls, steel jack-
eting, and column replacement; the repair quantities
and unit costs associated with each of these methods
are summarized in Table 13. Similar tabulations were
made for each of the other performance groups listed
in Table 6.

The response, damage, and loss relationships were
condensed into a single relationship for loss given
ground motion intensity, i.e., DV |IM. The total DV |IM
relationship, considering all performance groups and
normalized by the replacement cost of the entire
bridge, is shown in Figure 8. This relationship was
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then combined with the IM hazard curve to produce
the loss curve shown in Figure 9.

One of the advantages of the PBEE methodology
used in this example is the ability to deaggregated
the loss curve at different return periods. Figure 10
shows an example of the deaggregated contributions
to loss at the 475-yr hazard level. Such information
allows the engineer and owner to examine sources of
the expected losses in detail, and to see how changes
in the design affect the amount and distribution of the
expected losses.

Table 12. Column damage states based on maximum
tangential drift ratio.

Damage Median EDP Dispersion
state (Maximum drift ratio, %) (σln DMEDP)

Cracking 0.23 0.30
Spalling 1.64 0.33
Bar buckling 6.09 0.25
Failure 6.72 0.35

Table 13. Column repair methods and costs.

Damage Repair Unit
state Repair method Unit quantity cost

Cracking Inject cracks with epoxy ft 200 $80
Replace minor spalls ft2 10 $100

Spalling Inject cracks with epoxy ft 200 $80
Replace minor spalls ft2 94 $100

Bar Inject cracks with
buckling epoxy ft 200 $80

Replace minor spalls ft2 236 $100
Steel column casing kg 50 $2000
Bridge bar reinforcement kg 1562 $2

Failure Replace column ft2 6728 $120

Figure 8. Distribution of DV |IM (16th, 50th, and 84th per-
centile curves shown) for highway testbed bridge site for
liquefaction case.

Figure 9. Total repair cost ratio hazard curve.

‘Temporary
support

(abutment)’

‘Furnish steel
pipe pile’

‘Joint seal 
assembly’

‘Column steel 
casing’

‘Structure
excavation’

‘Aggregate base 
(approach slab)’

‘Elastomeric 
bearings’

‘Other’‘Structure
backfill’

‘Bar reinforcing
steel (footing,
retaining wall)’

Figure 10. Deaggregated conditional repair costs for
testbed highway bridge for 475 yr return period in liquefac-
tion case.

8 SUMMARY

Performance-based design frameworks that allow per-
formance to be expressed in many different ways
are emerging in both research and practice. Imple-
mentation of PBD requires that performance criteria
be identified and unambiguously characterized. In
order to achieve designs with reliably predictable
levels of performance, the uncertain nature of earth-
quake ground motions, response, damage, and loss
must be recognized and accounted for. This requires
that performance criteria be characterized probabilis-
tically.

While PBEE frameworks capable of expressing
performance in financial terms are available, diffi-
culties in loss estimation render their implementation
difficult at this time. Damage-based performance cri-
teria are currently more practical, but their probabilis-
tic characterization is at an early stage of development.
This paper has reviewed several ways in which dam-
age limit states could be identified and characterized,
allow which differ in generality and complexity. It
seems likely that more than one of these approaches
will see use in practice, and that the simpler and more
general approaches will define limit states with a

119

©2009 Taylor & Francis Group, London, UK

  

http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch6&iName=master.img-009.jpg&w=147&h=115
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch6&iName=master.img-010.jpg&w=148&h=120


higher level of uncertainty than more detailed and
specific procedures. Such different approaches all
have merit and can all work within a comprehensive
PBD framework to provide risk-consistent design-
s–provided that the uncertainties in each are accurately
and objectively characterized.
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Evaluation of seismic performance of geotechnical structures

M. Cubrinovski & B.A. Bradley
University of Canterbury, Christchurch, New Zealand

ABSTRACT: Three different approaches for assessment of seismic performance of earth structures and
soil-structure systems are discussed in this paper. These approaches use different models, analysis procedures
and are of vastly different complexity. All three methods are consistent with the performance-based design
philosophy according to which the seismic performance is assessed using deformational criteria and associated
damage. Even though the methods nominally have the same objective, it is shown that they focus on different
aspects in the assessment and provide alternative performance measures. Key features of the approaches and
their specific contribution in the assessment of geotechnical structures are illustrated using a case study.

1 INTRODUCTION

Methods for assessment of the seismic performance
of earth structures and soil-structure systems have
evolved significantly over the past couple of decades.
This involves improvement of both practical design-
oriented approaches and advanced numerical proce-
dures for a rigorous dynamic analysis. In parallel
with the improved understanding of the physical phe-
nomena and overall computational capability, new
design concepts have been also developed. In partic-
ular, the Performance Based Earthquake Engineering
(PBEE) concept has emerged. In broad terms, this
general framework implies engineering evaluation
and design of structures whose seismic performance
meets the objectives of the modern society. In engi-
neering terms, PBEE specifically requires evaluation
of deformations and associated damage to structures
in seismic events. Thus, the key objective in the evalu-
ation of the seismic performance is to assess the level
of damage and this in turn requires detailed evalua-
tion of the seismic response of earth structures and
soil-structure systems. Clearly this is an onerous task
since the stress-strain behaviour of soils under earth-
quake loading is very complex involving effects of
excess pore-water pressures and significant nonlin-
earity. The ground response usually involves other
complex features such as:

– Modification of the ground motion (earthquake
excitation for engineering structures)

– Large ground deformation and excessive perma-
nent ground displacements

– A significant loss of strength, instability and ground
failure, and

– Soil-structure interaction effects.

The assessment of seismic performance of geotech-
nical structures is further complicated by uncertainties

and unknowns in the seismic analysis. Particularly sig-
nificant are the uncertainties associated with the char-
acterization of deformational behaviour of soils and
ground motion itself. Namely, the commonly encoun-
tered lack of geotechnical data for adequate charac-
terization of the soil profile, in-situ soil conditions
and stress-strain behaviour of soils results in uncertain-
ties in the modelling and prediction of ground defor-
mation. Even more pronounced are the uncertainties
regarding the ground motion (earthquake excitation to
be used in the analysis) arising from the inability to
predict the actual ground motion that will occur at the
site in the future.

The above uncertainties affect key elements in the
analysis, the input load (ground motion or earthquake
load) and constitutive model (stress-strain curve or
load-deformation relationship). Clearly, the output
of the analysis will be adversely affected by these
uncertainties and would therefore require careful inter-
pretation. One may argue that, strictly speaking, a
prediction of the seismic response is not possible under
these circumstances; instead, the aim should be an
assessment of the seismic performance. This argument
is not in the realm of semantics, but it rather implies
difference in philosophy. It alludes to the importance
of the process and engineering interpretation rather
than the outcome alone, which is in agreement with
the traditional role that engineering judgement has
played in geotechnical engineering.

In this paper, three approaches for assessment of
seismic performance are applied to a case study of
a bridge on pile foundations. Conventional methods
of seismic analysis are used in the assessment and
comparatively examined. Key features in the imple-
mentation of the methods, their advantages and dis-
advantages are discussed. It is demonstrated that the
examined approaches focus on different aspects and
make different contribution in the assessment.
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2 METHODS FOR ASSESSMENT OF SEISMIC
PERFORMANCE

2.1 Analysis methods

There are various approaches for seismic analysis
of earth structures and soil-structure systems rang-
ing from relatively simple approximate methods to
very rigorous but complex analysis procedures. These
approaches differ significantly in the theoretical basis,
models they use, required geotechnical data and over-
all complexity. The simplest methods are based on the
pseudo-static approach in which an equivalent static
analysis is used to estimate the dynamic response
induced by the earthquake. The pseudo-static analysis
is based on routine computations and use of relatively
simple models, and hence is easy to implement in
practice. For this reason, it is the commonly adopted
approach in seismic design codes. On the other hand,
the most rigorous analysis procedure currently avail-
able for evaluation of the seismic response of soil
deposits and earth structures is the seismic effec-
tive stress analysis. This analysis permits detailed
evaluation of the seismic response while considering
the complex effects of excess pore water pressures
and highly nonlinear behaviour of soils in a rigorous
dynamic (time history) analysis. Despite its complex-
ity, the seismic effective stress analysis is now fre-
quently used in geotechnical practice for assessment

of the seismic performance of important structures.
As indicated in Figure 1, a large number of alternative
analysis methods are available in the range between
these two benchmark approaches.

2.2 Deterministic versus probabilistic approaches

Generally speaking, the seismic response can be
evaluated either deterministically or probabilistically.
Figure 2 illustrates the three approaches scrutinized
in this study in this regard: (i) Deterministic approach
(DA) in which a single scenario is considered; in
this case, only one analysis is conducted and respec-
tively a single response of the system is computed;
(ii) Deterministic approach (DAP) in which a series of
analyses are conducted in a parametric manner in order
to account for the uncertainties and unknowns in the
analysis; as indicated in Figure 2, this approach results
in a range of different responses for the analyzed
system; (iii) Probabilistic approach (PA) in which ‘‘all
possible’’ earthquake scenarios are considered for the
site in question; this approach also results in a range
of different responses for the system and, in addi-
tion, provides an estimate for the likelihood of each
response.

The key difference between these three approaches
is in the treatment of the uncertainties. The deterministic
approach with a single scenario (DA) effectively ignores

SEISMIC EFFECTIVE
STRESS ANALYSIS

Simple

- Equivalent static analysis

PSEUDO-STATIC ANALYSIS

- Dynamic time-history analysis

Advanced
Other methods

Figure 1. Methods for seismic analysis of earth structures and soil-structure systems.

Range of
responses

Single scenarioDETERMINISTIC
APPROACH

Single response

Parametric analysesDETERMINISTIC
APPROACH

Range of
responses

  All possible   scenarios
are considered

PROBABILISTIC
APPROACH

Likelihood
of their
occurence

&

(DA)
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Figure 2. General approaches for assessment of seismic performance of geotechnical structures.
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Figure 3. Central pier of the bridge: (a) cross section; (b) simplified soil profile used in seismic effective stress analyses
(Bowen and Cubrinovski, 2008).

the uncertainties in the analysis while the probabilistic
approach (PA) offers the most rigorous treatment of
uncertainties and quantifies their effects on the com-
puted seismic response.

2.3 Adopted approaches

This paper examines three approaches for assessment
of the seismic performance in the context outlined
above as follows:

1. Pseudo-static analysis within a deterministic appr-
oach incorporating parametric evaluation (DAp)

2. Seismic effective stress analysis using a single
scenario (DA)

3. Probabilistic approach based on the so-called PEER
framework (Cornell and Krawinkler, 2000) using
the seismic effective stress analysis as a computa-
tional method (PA)

These assessment approaches can be applied to var-
ious earth structures and soil-structure systems, but
here they are applied to the assessment of seismic
performance of pile foundations in liquefiable soils.

2.4 Case study

The Fitzgerald Avenue Bridge over the Avon River in
Christchurch, New Zealand, will be used as a case
study. It is a small-span twin-bridge that has been
identified as an important lifeline for post-disaster
emergency services. Hence, the bridge has to remain
operational in the event of a strong earthquake. To this
goal, a structural retrofit has been considered involv-
ing widening of the bridge and strengthening of the
foundation with new large diameter piles. A cross
section at the mid span of one of the bridges is shown
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Figure 4. SPT blow count and soil profile at the north-east
abutment.

in Figure 3 where both existing piles and new piles are
shown.

Figure 4 depicts the SPT blow count and soil profile
at the northeast corner of the bridge. This soil profile
was adopted in the pseudo-static analyses. The soil
deposit consists of relatively loose liquefiable sandy
soils with a thickness of about 15 m overlying a denser
sand layer. The sand layers have low fines content
predominantly in the range between 3% and 15% by
weight. Detailed SPT and CPT investigations revealed
a large spatial variability of the penetration resistance
at the site. Hence, a rigorous investigation of the seis-
mic response of the bridge and its foundation would
require consideration of 3-D effects and spatial vari-
ability of soils. These complexities are beyond the
scope of this paper, however, and rather a simplified
scenario will be considered herein with the principal
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objective being to examine the response of the pile
foundation shown in Figure 3. Here, we will focus on
the cyclic response of the foundation during the intense
ground shaking; effects of lateral spreading are beyond
the scope of this study.

3 PSEUDO-STATIC ANALYSIS

3.1 Objectives

As a practical approach, the pseudo-static analysis
should be relatively simple, based on conventional
geotechnical data and applicable without requiring sig-
nificant computational resources. In addition, in order
to satisfy the PBEE objectives in the seismic perfor-
mance assessment, the pseudo-static analysis of piles
should:

– Capture the relevant deformational mechanism for
piles in liquefying soils

– Permit estimation of the inelastic response and
damage to piles, and

– Address the uncertainties associated with seismic
behaviour of piles in liquefying soils.

Not all available methods for simplified analysis
satisfy these requirements. In particular, in the current
practice the treatment of uncertainties in the simplified
analysis is often inadequate; commonly, the uncer-
tainties are either ignored or poorly addressed in the
analysis. In what follows, a recently developed method
for pseudo-static analysis of piles in liquefying soils
(Cubrinovski and Ishihara, 2004; Cubrinovski et al.,
2009) is used to assess the seismic performance of the
new piles of Fitzgerald Bridge. Key features of the sim-
plified analysis and effects of uncertainties on the pile
response are discussed.

3.2 Computational model and input parameters

Although in principle the pseudo-static analysis could
be applied to a pile group, typically it is applied to a
single-pile model. This is consistent with the overall
philosophy for a gross simplification adopted in this
approach. A typical beam-spring model representing
the soil-pile system in the simplified pseudo-static
analysis is shown in Figure 5. The model can eas-
ily incorporate a stratified soil profile (multi-layer
deposit) with different thickness of liquefied layers
and a crust of non-liquefiable soil at the ground sur-
face. Since one of the key requirements of the analysis
is to estimate the inelastic deformation and damage
to the pile, in the proposed model simple but non-
linear load-deformation relationships are adopted for
the soil-pile system. The soil is represented by bilin-
ear springs in which degraded stiffness and strength
of the soil are used to account for effects of nonlin-
ear behaviour and liquefaction. The pile is modelled

using a series of beam elements with a tri-linear
moment-curvature relationship. Parameters of the
model are illustrated in Figure 5 for a typical three-
layer configuration in which a liquefied layer is sand-
wiched between a surface layer and a base layer of
non-liquefiable soils. All model parameters are based
on conventional geotechnical data (SPT blow count)
and concepts (subgrade reaction coefficient, Rank-
ine passive pressure). In the model, two equivalent
static loads are applied to the pile: a lateral force at
the pile-head (F) representing the inertial load due
to vibration of the superstructure, and a horizontal
ground displacement (UG) applied at the free end of
the soil springs (Fig. 5b) representing the kinematic
load on the pile due to lateral movement of the free
field soils.

3.3 Uncertainties in the parameters of the model

The pseudo-static analysis aims at estimating the max-
imum response of the pile under the assumption that
dynamic loads can be idealized as static actions. Since
behaviour of piles in liquefying soils is extremely com-
plex involving very large and rapid changes in soil
stiffness, strength and lateral loads on the pile, the key
question in the implementation of the pseudo-static
analysis is how to select appropriate values for the soil
stiffness, strength and lateral loads on the pile for the
equivalent static analysis. In other words, what are
the appropriate values for β, pL−max, UG and F in
the model shown in Figure 5? The following discus-
sion illustrates that this choice is not straightforward
and that all these parameters may vary within a wide
range of values.

In the adopted model, effects of liquefaction on
stiffness of the soil are taken into account through the
degradation parameter β. Observations from full-size
experiments and back-calculations from case histo-
ries indicate that for cyclic liquefaction (excluding
lateral spreading), β typically takes values in the range
between 1/10 and 1/50 (Cubrinovski et al., 2006).

Similar uncertainty exists regarding the ultimate
pressure from the liquefied soil on the pile or the
value of pL−max in the model. The ultimate lateral
pressure pL−max can be approximated using the resid-
ual strength of liquefied soils (Sr) as pL−max = αLSr .
There are significant uncertainties regarding both αL
and Sr values. The latter is illustrated by the scatter of
the data in the empirical correlation between the resid-
ual strength of liquefied soils and normalized SPT
blow count (N1)60cs (Seed and Harder, 1991) shown
in Figure 6. For example, for a normalized equivalent-
sand blow count of (N1)60cs = 10, the residual strength
varies approximately between 5 kPa and 25 kPa.

The selection of appropriate equivalent static loads
is probably the most difficult task in the pseudo-
static analysis. This is because both input loads in
the pseudo-static analysis (UG and F) are in effect

124

©2009 Taylor & Francis Group, London, UK

  



Liquefied
layers

a) Cross section

UG UP

b) Numerical scheme

Soil spring

Free field ground
displacement

Deformed pile

Lateral load, F
H

HL

HC

HB
Non-liquefied

base layer

Pile

Non-liquefied
crust layer

C

Y U
M

k

p

C pC-max

kL

p p
L-max

kB

p
pB-max

Figure 5. Beam-spring model for pseudo-static analysis of piles (model parameters and characterization of nonlinear
behaviour).

0

10

20

30

40

50

60

20

R
es

id
ua

l s
he

ar
 s

tr
en

gt
h,

 S
r (

kP
a)

Equivalent clean sand SPT blow count,   (N
1
)
60cs

S
r-UB

S
r-LB

p

Upper
bound

Lower bound

Used for RM

S
r-UB

S
r-LB

Range of data
presented by
Seed & Harder (1991)

0 5 10 15

Figure 6. Residual shear strength of liquefied sandy soils
(after Seed and Harder, 1991).

estimates for the seismic responses of the free field
ground and soil-pile-structure system respectively.
The magnitude of lateral ground displacement UG
can be estimated using simple empirical models based
on SPT charts such as that proposed by Tokimatsu and
Asaka (1998). Using this method, a value of UG =
0.36 m was estimated for the maximum cyclic ground
displacement at Fitzgerald Bridge site. Note that since
UG is an estimate for the free field response at the site,
it is reasonable to expect a considerable variation in
the value of UG around the above estimate based on
an empirical model.

As mentioned earlier, the objective of the pseudo-
static analysis is to estimate the peak response of
the pile that will occur during an earthquake. The
peak loads on the pile due to ground movement and

vibration of the superstructure do not necessarily occur
at the same time, and hence, there is no clear and sim-
ple strategy how to combine these loads in a static
analysis. Recently, Boulanger et al. (2007) suggested
that the maximum ground displacement should be
combined with an inertial load from the vibration of
the superstructure proportional to the peak ground
acceleration amax using the following expression:
F = Icmsamax. Here, ms is the mass of the superstruc-
ture whereas Ic is a factor that depends on the period
of the earthquake motion and practically provides a
rule for combining the kinematic (UG) and inertial
(F) loads on the pile. Again, a wide range of values
have been suggested for this parameter: Ic = 0.4, 0.6
and 0.8 for a short, medium and long period ground
motions respectively (Boulanger et al., 2007).

3.4 Computed response for a reference model (RM)

Based on the procedures outlined above, a so-called
reference model (RM) was defined for the pile foun-
dation of Fitzgerald Bridge. RM is a single pile model
for the new piles (1.5 m in diameter) in which a ‘mid
range’ values were adopted for the parameters of the
model, as summarized in Table 1. Here, the Sr val-
ues of 14 and 36 were derived using the broken line in
Figure 6 and normalized blow counts of (N1)60cs = 10
and 15 respectively, for the liquefiable layers. The pile
was subjected to a free field ground displacement with
a peak value at the ground surface of UG = 0.36 m,
indicated in Figure 7a, and a lateral load at the pile
head corresponding to a peak ground acceleration of
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Table 1. Characteristic values of model parameters.

Range of values

Parameter RM LB* UB**

β − 1/20 1/50 − 1/10
Sr(N1 = 10) (kPa) 14 6 − 22
Sr(N1 = 15) (kPa) 36 24 − 48
Ic − 0.6 0.4 − 0.8
UG (m) 0.36 0.29 − 0.43

* Lower Bound (minimum value);
** Upper Bound (maximum value).
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amax = 0.4 g and an inertial coefficient of Ic = 0.6.
The computed pile displacement and bending moment
for the reference model (RM) are shown with solid
lines in Figures 7a and 7b respectively. A pile head
displacement of 0.21 m and a peak bending moment
at the pile head of 9.6 MN-m were computed. The
bending moment exceeded the yield level both at the
pile head and at the interface between the liquefied
layer and underlying base layer.

3.5 Effects of uncertainties on the pile response

To examine the effects of uncertainties associated with
the liquefied soil and lateral loads on the pile, para-
metric analyses were carried out in which the above
parameters were varied within the relevant range of
values listed in Table 1. For example, an analysis
was conducted in which RM values were used for all
parameters except for the stiffness degradation (β) and
residual strength (Sr) of the liquefied soil, for which
instead the lower bound or minimum values of β =
1/50, Sr = 6 kPa (N1 = 10) and Sr = 24 kPa (N1 = 15)
were used. Similarly, another analysis was conducted
in which the upper bound or maximum values of β =
1/10, Sr = 22 kPa (N1 = 10) and Sr = 48 kPa
(N1 = 15) were used in conjunction with the RM
values for all other parameters. Results of these two
analyses are shown in Figure 7 indicating significant
effects of the spring properties for the liquefied soil
on the pile response.

Figure 8 shows results from a similar pair of anal-
yses in which the value for the applied ground dis-
placement was either decreased (UG = 0.29 m) or
increased (UG = 0.43 m) for 20% with respect to the
RM displacement of 0.36 m. Again, a large difference
in the pile response is seen resulting from a relatively
small variation in the ground displacement applied to
the pile.

Results of the parametric analyses are summa-
rized in Table 2 and are depicted in tornado charts
for the pile head displacement and bending moment
(at the pile head) respectively in Figures 9a and 9b.
The response of the reference model (RM) is also
indicated in these plots for comparison purpose. The
results clearly indicate that the pile response is signif-
icantly affected by the adopted values for stiffness and
strength of the liquefied soil, and to a lesser extent by
the adopted values for loads, UG and F (due to vari-
ation of Ic between 0.4 and 0.8). Note that the size of
these effects will change with the properties of the
soil-pile system (especially with the stiffness of the
pile relative to that of the soil), degree of yielding in
the soil and pile, and the size of lateral loads from a
non-liquefied crust at the ground surface.

3.6 Discussion

The above results clearly illustrate a high sensitivity of
the pile response on the parameters of the simplified
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Table 2. Results of parametric analyses.

Pile respose

Model UPH* MPH**

RM with Sr-LB and β2-LB 0.10 7.8
RM with U G = 0.29 m 0.16 8.9
RM with I s-LB = 0.4 0.18 8.9
RM 0.21 9.5
RM with U G = 0.43 m 0.25 9.9
RM with I s-UB = 0.8 0.23 10.0
RM with Sr-UB and β2-UB 0.27 10.3

* Pile-head displacement;
** Bending moment at pile head.

model. This sensitivity is not specific to the adopted
approach in this study, but rather is a common feature
of simplified methods of analysis. It simply reflects
the significant uncertainties associated with the com-
plex phenomena considered and their gross simplifi-
cation in the pseudo-static method of analysis. The
results also clearly emphasize the need for a para-
metric evaluation of the seismic response when using
simplified methods of analysis. In terms of the previ-
ously introduced assessment approaches, a determin-
istic approach including parametric analyses (DAP)
would be required when using simplified methods of
analysis for seismic performance assessment.

In the current practice, various methods for simpli-
fied (pseudo-static) analysis are used. These methods
are similar in principle however they all have distinct
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Figure 9. Tornado charts depicting pile response com-
puted in parametric pseudo-static analyses: (a) pile-head
displacement; (b) bending moment at pile head.

modelling features and use different load-deformation
relationships, geotechnical data and empirical correla-
tions. For this reason, they all require an independent
process of ‘calibration’ in which model parameters
will be rigorously examined and their relevant range
of values identified. Note that this calibration is both
model-specific and problem-specific. For example,
the pseudo-static analysis method presented herein
when applied to the assessment of piles subjected to
lateral spreading will need different set of reference
values for the model parameters, e.g. magnitude of
UG , load combination rule for UG and F , and stiffness
degradation factor β.
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4 SEISMIC EFFECTIVE STRESS ANALYSIS

4.1 Implementation steps

Unlike the simplified analysis procedure where the
response of the pile is evaluated using a beam-spring
model and equivalent static loads as input, the seismic
effective stress analysis incorporates the soil, founda-
tion and superstructure in a single model and uses an
acceleration time history as a base excitation for this
model. This analysis aims at a very detailed modelling
of the ground response and soil-structure system in a
rigorous dynamic analysis. The seismic effective stress
analysis is difficult to implement in practice because it
requires significant computational resources and spe-
cialists knowledge from the user. In concept, the effec-
tive stress analysis could be considered as the opposite
approach to that of the practical pseudo-static analysis.

The implementation of the effective stress analysis
generally involves three steps (Fig. 10):

1. Determination of the parameters of the constitutive
model

2. Definition of the numerical model
3. Dynamic analysis and interpretation of results.

In the first step, parameters of the constitutive
model for the soil are determined using results from
laboratory tests on soil samples and data from in-
situ investigations. The required types of laboratory
tests are model-specific and are generally used for
determination of stress-strain relationships and effects
of excess pore pressures on the soil response (liq-
uefaction tests). Whereas most of the constitutive
model parameters can be directly evaluated from data
obtained from laboratory tests and in-situ investi-
gations, some parameters are determined through a
calibration process in which best-fit values for the
parameters are identified in simulations of laboratory
tests (so-called element test simulations).

In the second step, the numerical model is defined
by selecting appropriate element types, dimensions
of the model, mesh size, boundary conditions and
initial stress state. The last two requirements often
receive less attention, even though they have piv-
otal influence on the performance of the constitutive
model and numerical analysis. Namely, one of the
key advantages of the advanced numerical analysis is

that no postulated failure and deformation modes are
required, as these are predicted by the analysis itself.
In this context, the selection of appropriate boundary
conditions along end-boundaries and soil-foundation-
structure interfaces are critically important in order
to allow unconstrained response and development of
relevant deformation modes. Similarly, stress-strain
behaviour of soils and liquefaction resistance are
strongly affected by the initial stress state of the soil,
and therefore, an initial stress analysis is required to
determine gravity-induced stresses in all elements of
the model resembling those in the field.

In the final step, an acceleration time history (ground
motion) is selected which is used as a base excitation
for the model. Considering the geometry of the prob-
lem and anticipated behaviour, numerical parameters
such as computational time increment, integration
scheme and numerical damping are adopted, and the
dynamic effective stress analysis is then executed.
The analysis is quite demanding on the user in all
steps including the final stages of post-processing and
interpretation of results since it requires an in-depth
understanding of the phenomena considered, constitu-
tive model used and particular numerical procedures
adopted in the analysis. Benchmarking exercises imply
that these rigorous requirements are not always satis-
fied in the profession even when dealing with static
problems (Potts, 2003).

In cases when the analysis is used for a rigorous
assessment of the seismic performance of important
structures, high-quality geotechnical data from field
investigations and laboratory tests are needed in order
to model the particular deformational characteristics
(stress-strain relationships) of the soils in questions.
Such data are rarely available, however, and this has
been often used as an excuse to avoid using the seismic
effective stress analysis in geotechnical practice. How-
ever, even when conventional data is used as input,
this analysis still provides an important and unique
contribution in the seismic performance assessment of
earth structures and soil-foundation-structure systems,
as illustrated below.

4.2 Numerical model

The 2-D finite element model adopted for the effective
stress analysis of the pile foundation of Fitzgerald

Determination of parameters 
of the constitutive model

- Laboratory tests
- In-situ investigations

- Element test simulations

Definition of numerical model

- Element types and FE mesh
- Boundary conditions
- Modelling of interfaces
- Initial stress state

STEP 2STEP 1
Dynamic analysis

- Numerical parameters
- Postprocessing

- Interpretation of results

STEP 3

- Ground motion (input)

Figure 10. Key steps in the implementation of seismic effective stress analysis.

128

©2009 Taylor & Francis Group, London, UK

  



Bridge is shown in Figure 11. The model includes the
soil, pile foundation (both existing piles and new piles)
and the superstructure. Four-node solid elements were
employed for modelling the soil and bridge superstruc-
ture while beam elements were used for the piles and
pile cap. Lateral boundaries of the model were tied to
share identical displacements in order to simulate a
free field ground motion near the boundaries. Along
the soil-pile interface, the piles and the adjacent soil
were connected at the nodes and were forced to share
identical horizontal displacements.

The footing, bridge deck and pier were all mod-
elled as linear elastic materials with an appropriate
tributary mass to simulate inertial effects from the
superstructure. Nonlinear behaviour of the piles was
modelled with a hyperbolic moment-curvature (M-φ)
relationship while the soil was modelled using an
elastic-plastic constitutive model developed specifi-
cally for modelling sand behaviour and liquefaction
problems (Cubrinovski and Ishihara, 1998a; 1998b).
Details of the constitutive law and numerical proce-
dures will not be discussed herein, but rather modelling
of the liquefaction resistance based on conventional
geotechnical data will be demonstrated.

The model shown in Figure 11 was subjected to an
earthquake excitation with similar general attributes
(magnitude, distance and PGA) to those relevant for
the seismic hazard of Christchurch. An acceleration
record obtained during the 1995 Kobe earthquake
(M = 7.2) was scaled to a peak acceleration of 0.4 g
and used as a base input motion. Needless to say, the
adopted input motion is neither representative of the
source mechanism nor path effects specific to Canter-
bury, but rather it was considered a relevant excitation
typical for the size of the earthquake event considered
in the analysis.

4.3 Modelling of liquefaction resistance

For a rigorous determination of parameters of the
employed constitutive model, about 15 to 20 labora-
tory tests are required including monotonic and cyclic,

drained and undrained shear tests. In the absence of
laboratory tests for the soils at the Fitzgerald Bridge
site, the constitutive model parameters were determined
by largely adopting the parameters of Toyoura sand
(Cubrinovski and Ishihara, 1998a) and modifying the
dilatancy parameters as described below.

Borelogs, penetration resistance data from CPTs
and SPTs and conventional physical property tests
were the only geotechnical data available for the
soils at Fitzgerald Bridge site. A rudimentary mod-
elling of stress-strain behaviour of soils considering
liquefaction would require knowledge or assumption
of the initial stiffness of the soil, strength of the soil
and liquefaction resistance. Since none of these were
directly available for the soils at this site they were
inferred based on the measured penetration resistance.
The liquefaction resistance was determined using the
conventional procedure for liquefaction evaluation
based on empirical SPT charts (Youd et al., 2001).
After an appropriate correction for the fines content
and the magnitude of the earthquake (using magni-
tude scaling factor), these charts provided the cyclic
stress ratios required to cause liquefaction in 15 cycles,
which are shown by the solid symbols in Figure 12.
Using these values as a target liquefaction resistance,
the dilatancy parameters of the model were determined
and the liquefaction resistance was simulated for the
two layers, as indicated with the lines in Figure 12.
These two lines represent the simulated liquefaction
resistance curves for the soils with N1 = 10 and
N1 = 15 respectively. To illustrate better this pro-
cess, results of element test simulations for the sand
with N1 = 10 are shown in Figure 13 where effec-
tive stress paths and stress-strain curves are shown for
three different cyclic stress ratios of 0.12, 0.18 and
0.30 respectively. The number of cycles required to
cause liquefaction in these simulations and the corre-
sponding stress ratios are indicated with open symbols
in Figure 12, depicting the simulated liquefaction
resistance. Thus, only conventional data were used
for determination of model parameters. While this
choice of material parameters practically eliminates

Soil elements (Two-phase solid elements; elasti-plastic constitutive model for sand)

Bridge superstructure
Elastic solid elements with 
appropriate tributary mass

Piles
Non-linear beam elements
with hyperbolic M-  relationship

Figure 11. Numerical model used in the seismic effective stress analysis of Fitzgerald Bridge.
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Figure 13. Effective stress paths and stress-strain curves obtained in element test simulations for the soil layer with N1 = 10.

the possibility for a rigorous quantification of the
seismic response of the soil-pile-structure system, one
may argue that the parameters of the model defined as
above are at least as consistent and credible as those
used in a conventional liquefaction evaluation.

4.4 Computed ground response

Figure 14a shows time histories of excess pore water
pressure computed at two depths corresponding to
the mid depth of layers with N1 = 10 and N1 = 15
(z = 13.2 m and 7.0 m respectively). In the weaker
layer, the pore water pressure builds-up rapidly in
only one or two stress cycles until a complete liq-
uefaction of this layer was reached at approximately

15 seconds. In the denser layer (N1 = 15), the pore
water pressure build up is slower and affected by the
liquefaction in the underlying looser layer. The lat-
ter is apparent in the reduced rate of pore pressure
increase after 15 seconds on the time scale. Clearly,
the liquefaction of the loose layer at greater depth
produced ‘‘base-isolation’’ effects and curtailed the
development of liquefaction in the overlying denser
layer. Figure 14b further illustrates the development of
the excess pore water pressure throughout the depth of
the deposit with time. Note that part of the steady build
up of the pore pressure in the upper layer (N1 = 15) is
caused by ‘‘progressive liquefaction’’ or upward flow
of water from the underlying liquefied layer. Need-
less to say, the pore pressure characteristics outlined
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in Figure 14 will be reflected in the development of
transient deformation and permanent displacements
of the ground. The seismic effective stress analysis
can simulate these complex features of the ground
response and their effects on structures.

4.5 Computed pile response

The computed time history of horizontal displace-
ment of the pile is shown in Figure 15a together
with the corresponding displacement of the ground
in the free field. The peak pile displacement reached

about 0.18 m at the pile head, which is significantly
smaller than the peak free field displacement at the
ground surface of 0.30 m indicating relatively stiff
pile behaviour (the pile is resisting the ground move-
ment). The response shown in Figure 15a indicates
that the peak displacements of the pile and free field
soil occurred at different times, at approximately
19 seconds and 32 seconds, respectively. The peak
bending moment of the pile was attained at the pile
head (MH ) with values slightly below the yield level
(Figure 15b). This time history indicates not only the
peak level of the response but also the number of
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significant peaks exceeding cracking level which in
turn provides additional information on the damage to
the pile. Similar level of detail is available for other
components of the numerical model including the
foundation soil, old and new piles, and response of the
superstructure.

4.6 Discussion

As illustrated in the above application, the seismic effec-
tive stress analysis allows realistic and detailed simula-
tion of the seismic response of geotechnical structures
induced by strong earthquakes. Effects of soil-structure
interaction are easily included in the analysis, in which
sophisticated nonlinear models can be used both for
soils and for structural members. The analysis permits
a rigorous assessment of the seismic performance of
the soil-structure system as a whole and each of its
components.

Effects of excess pore water pressure are often a
key factor in the seismic response of ground and
earth structures. Hence, the ability of this analysis
to capture details of pore pressure build-up, develop-
ment of liquefaction and consequent loss of strength
and stiffness in the soil is of great value. The method
simulates the most salient features of seismic behaviour
of soils including peculiar effects from individual
layers and cross interaction amongst them such as
‘‘base-isolation effects’’ or progressive liquefaction
due to upward flow of water.

Because of its complexity and high-demands on the
user, the seismic effective stress analysis is typically
applied in a deterministic fashion using a single sce-
nario (DA) or input ground motion. However, this
analysis also provides an excellent tool for assess-
ment of alternative design solutions, effectiveness of
structural strengthening and soil remediation (counter-
measures against liquefaction) on a comparative basis
by quantifying their effects on the ground deformation,
structural response and reduction (control) of damage.

5 PROBABILISTIC APPROACH

5.1 Background

A probabilistic approach (PEER framework) for
Performance-Based Earthquake Engineering (PBEE)
has been recently developed for a robust assessment
of seismic performance of structures (Cornell and
Krawinkler, 2000; Krawinkler 1999). This approach
employs an integrated probabilistic treatment of all
uncertainties that apply to the prediction of ground
motion and evaluation of system response and asso-
ciated damage (uncertainties associated with char-
acteristics of ground motion, material properties,
modelling approximations, seismic response and asso-
ciated physical damage for a given response mea-
sure). Hence, it provides an alternative and more

rigorous way for assessment of seismic performance of
engineering structures. Recently, attempts have been
made to expand the application of this approach to
geotechnical problems (Kramer, 2008; Ledezma and
Bray, 2007; Bradley et al., 2008). Details of the proba-
bilistic PBEE assessment are beyond the scope of this
paper, and instead key features and implementation of
this procedure will be outlined in the following using
the case study considered.

5.2 Analysis procedure

Christchurch is located in a region of relatively high
seismicity and Fitzgerald Bridge is expected to be
excited by a number of earthquakes during its lifespan.
Considering all possible earthquake scenarios, the
response of the bridge and its pile foundation needs to
be evaluated for earthquakes with different intensities
ranging from very weak and frequent earthquakes to
very strong but rare earthquakes. Characteristics of
ground motions caused by these earthquakes are very
difficult to predict because of the complex and poorly
understood source mechanism, propagation paths of
seismic waves and surface-soil effects. In order to
account for these uncertainties in the ground motion
characteristics, the following procedure was adopted.

A suite of 40 ground motions recorded during
strong earthquakes was first selected, as indicated
in Figure 16a. Next, each of these records was scaled
to ten different peak amplitude levels, i.e. peak ground
accelerations of amax = 0.1, 0.2, 0.3, 0.4, 0.5, 0.6,
0.7, 0.8, 0.9 and 1.0 g. Thus, 400 different ground
motions were generated in this way, as indicated in
Figure 16b, having very different amplitudes, fre-
quency content and duration. Using each of these
time histories as a base input motion, 400 effec-
tive stress analyses were conducted using the model
shown in Figure 11 and procedures outlined earlier, as
schematically depicted in Figure 16c.

5.3 Computed response

The next challenge to overcome is how to present
results from 400 time history analyses in a meaningful
way. Obviously, some relaxation in the rigorous treat-
ment of time histories and evaluation of the response
is needed here. In the probabilistic PBEE approach,
this is achieved through the following reasoning:

1. First, the object of assessment is identified. Thus,
instead of examining the entire soil-pile-structure
system, for example, the attention is focused on the
response of the pile.

2. Next, a representative measure for the response of
the pile is identified, i.e. a parameter that describes
and quantifies the pile response efficiently (‘‘Engi-
neering Demand Parameter’’, EDP in the PBEE ter-
minology). Hence, instead of using the entire time
history of the pile response, the peak value of the
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(a) 40 Earthquake Records

EQ1: Northridge 1994
EQ2: Imperial Valley 1979

EQ40: Kobe 1995

(b) 400 Ground Motions

GM1: EQ1, a
max

 = 0.1 g

GM2: EQ1, a
max

 = 0.2 g

GM10: EQ1, a
max

 = 1.0 g

GM11: EQ2, a
max

 = 0.1 g

GM399: EQ40, a
max

 = 0.9 g

GM400: EQ40, a
max

 = 1.0 g

(c) 400 Time History Analyses

Input motion

Figure 16. Schematic illustration of multiple effective stress analyses used in the probabilistic approach.

response parameter (EDP) is used as a measure for
the size of the response.

3. Similarly, a single parameter is used to describe the
input motion or measure the intensity of the ground
motion (‘‘Intensity Measure’’, IM).

4. Finally, the results of the analyses are presented by
correlating the parameter representing the size of
the response (EDP) with the intensity of the ground
motion (IM).

For example, one way of presenting the results from
the 400 analyses with respect to the pile response for
Fitzgerald Bridge is shown in Figure 17a where the
peak displacement at the pile head (UPH ) computed in
the analysis is plotted against the peak acceleration of
the input motion (amax). Here, UPH represents a mea-
sure for the size of the pile response (EDP) while amax
is a measure for the intensity of the ground motion
(IM). Each open symbol in Figure 17a represents the
result (peak response of the pile) from one of the 400
seismic effective stress analyses while the solid line
is an approximation of the trend from a regression
analysis.

The scatter of the data in Figure 17a is quite large
indicating a significant uncertainty in the prediction of
the peak response of the pile based on the peak accel-
eration of the ground motion (input PGA). Clearly
one issue in this approach is the need to identify an
efficient intensity measure that reduces the uncer-
tainty and hence improves the predictability of the
pile response. However, there is no wide-ranging
intensity measure that is appropriate for all problems
but rather the intensity measure is problem-dependent
and is affected by the particular deformational mech-
anism and features of the phenomena considered.
Based on detailed numerical studies, Bradley et al.
(2008) have identified that velocity-based intensity
measures correlate the best with the seismic response
of piles, and that in particular the velocity spectrum

intensity (VSI ) is the most efficient intensity measure
for piles. This is illustrated in Figure 17b where the
same results for UPH from the 400 analyses shown
in Figure 17a are re-plotted using VSI as the inten-
sity measure for the employed input motions. The
improved efficiency and predictability of the pile
response is evident in the reduced uncertainty as
depicted by the smaller dispersion of the data. The
plots shown in Figure 17 provide means for estimat-
ing the peak response of the piles of Fitzgerald Bridge
for all levels of earthquake excitation, from elastic
response to failure.

5.4 Assessment of seismic performance: Demand
hazard curve

A conventional output from Probabilistic Seismic Haz-
ard Analysis (PSHA) is the so-called seismic hazard
curve which expresses the aggregate seismic hazard
at a given site by considering all relevant earthquake
sources contributing to the hazard. A seismic haz-
ard curve for Christchurch (Stirling et al., 2001) is
shown in Figure 18a where a relationship between the
peak ground acceleration (amax) and mean annual rate
of exceedance of a given amax is shown. For exam-
ple, this hazard curve indicates that an earthquake
event generating an amax = 0.28 g in Christchurch
has a recurrence interval or return period of 475 years
(or 10% probability of exceedance in 50 years).

By combining the seismic hazard curve expressed
in terms of amax (Fig. 18a) and the correlation between
the peak pile response (UPH ) and amax established
from the results of the effective stress analyses
(Fig. 17a), a so-called ‘‘Demand Hazard Curve’’ was
produced, shown in Figure 18b for the existing and
new piles respectively. In this way, the probability for
exceedance of a certain level of peak pile displacement
in any given year (annual rate of exceedance) could be
estimated for the piles of Fitzgerald Bridge. A unique
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feature of the demand hazard curve is that it provides
an assessment of the seismic performance of the pile
foundation by considering all earthquake scenarios for
the site in question and associated uncertainties in the
characterization of the ground motion.

In the above interpretation, the peak pile displace-
ment was adopted as a measure for the size of the pile
response because it is a good indicator of the peak
deformation and damage to the pile (Bradley et al.,
2008). Thus, UPH can be converted to a parameter
directly correlating with the damage to the pile (the
peak curvature of the pile), and then the demand haz-
ard curve can be easily expressed in terms of a damage
measure, thus providing likelihood of characteristic
damage levels for the pile (cracking, yielding, failure).
Furthermore, the physical damage of the pile founda-
tion will lead to losses, and hence, the demand hazard
curve can be also used to quantify the seismic perfor-
mance in terms of economic measures (dollars). This
in turn will provide an economic basis for decisions on
seismic design, repair and retrofit, and will facilitate
communication of the design outside the profession.

Clearly, the probabilistic assessment provides alter-
native measures of the seismic performance of the
pile while rigorously accounting for the uncertainties
associated with the seismic hazard and phenomena
considered. This approach can be applied to seismic
performance assessment of any other component of the
soil-pile-structure system and to the bridge as a whole.
Also, other sources of uncertainty such as those related
to modelling, soil and site characterization can be eas-
ily incorporated in the analysis and their effects on the
response can be quantified.

6 SUMMARY AND CONCLUSIONS

Three different approaches for assessment of the
seismic performance of earth structures and
soil-structure systems have been presented. These
approaches use different models, analysis procedures
and are of vastly different complexity. All are con-
sistent with the performance-based design philoso-
phy according to which the seismic performance is
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Table 3. Methods for seismic performance assessment of soil-structure systems: Key features and contributions in the
assessment.

Method of         
assessment Key features Specific contributions in the assessment  Shortcomings 

Pseudo-static 
analysis 

• Simple 
• Conventional data 

and engineering 
concepts 

• Evaluates the response and damage level for the pile 
(parametric evaluation is needed)  

• Enhances foundation design 

• Does not consider 
the response of  the 
soil-foundation-
structure system 

Seismic effective 
stress analysis 

Realistic simulation 
of ground response & 
seismic soil-
foundation-structure 
interaction 

• Detailed assessment of seismic response of pile foun-
dations including effects of liquefaction and SSI 

• Integral assessment of inelastic behaviour of soil-
foundation-structure systems  

• Enhances communication of design concepts between 
geotechnical and structural engineers 

• Ignores uncertain-
ties in the ground 
motion 

Probabilistic 
PBEE framework 

• Considers all earth-
quake scenarios 

• Quantifies seismic 
risk 

• Addresses uncertainties associated with ground motion
characteristics on a site specific basis  

• Provides engineering measures (response and damage) 
and economic measures (losses) of performance 

• Enhances communication of design outside profession  

• Ignores details of 
the seismic response

assessed using deformational criteria and associated
damage; however, they focus on different aspects and
make different contribution in the assessment. Key
features of the examined approaches and their specific
contribution in the seismic performance assessment
are summarized in Table 3.

6.1 Pseudo-static analysis

The pseudo-static analysis is a practical approach
based on conventional geotechnical data, engineering
concepts and relatively simple computational mod-
els. It postulates a specific deformational mecha-
nism and aims at estimating the peak response of the
pile due to an earthquake under the assumption that
dynamic loads can be represented as static actions. The
method is easy to implement in practice and provides
a suitable tool for evaluation of the seismic response
of piles and associated damage to piles. This approach
focuses on the pile itself (enhances foundation design)
while it ignores the response of the system and other
components of the system.

In addition to the uncertainties associated with
the complex seismic behaviour and ground motion,
there are significant uncertainties related to mod-
elling arising from unknown variables and inaccurate
model form. These modelling uncertainties are very
pronounced in the simplified analysis because of
the significant approximations and gross simplifica-
tion of the problem adopted in this approach. Thus,
when using simplified methods of analysis in the
assessment, it is critically important to address these
uncertainties through systematic parametric studies.

6.2 Seismic effective stress analysis

The seismic effective stress analysis aims at a very
realistic simulation of the seismic behaviour of earth
structures and soil-structure systems. It incorporates

sophisticated nonlinear models for the soil, foundation
and structure in a rigorous dynamic analysis. The key
contribution of this analysis is that it allows examining
in detail the performance of the soil-structure sys-
tem under a strong earthquake excitation. Even results
from a single analysis (such as that presented herein)
illustrate the benefit of a detailed soil-pile-structure
analysis.

The experience from recent strong earthquakes sug-
gests that design concepts in which pile foundations
are considered to remain within the elastic range of
deformation during strong earthquakes are not eco-
nomical. The PBEE philosophy also suggests accept-
ing damage in seismic events, if this proves the most
economic solution (Krawinkler, 1999). Hence, there
is a need to consider inelastic deformation concur-
rently in both the superstructure and pile foundation,
and to assess the performance both on a system level
and at a component level (Gazetas and Mylonakis,
1998). Advanced numerical analyses provide this
capability and methods based on the effective stress
principle further permit consideration of important
ground response features such as effects of excess
pore pressures and liquefaction.

Since this approach focuses on a detailed evaluation
of the seismic response, it is not appropriate for para-
metric evaluation including large number of analyses.
In this context, the selection of an appropriate input
motion is problematic in cases when rigorous assess-
ment and quantification of the seismic performance of
important structures is needed.

6.3 Probabilistic approach

The probabilistic approach offers a unique perspective
in the assessment of seismic performance, first through
a rigorous treatment of the single most important
source of uncertainty in seismic studies, the ground
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motion, and then by providing alternative performance
measures in the assessment, engineering and economic
ones. It allows us to combine geotechnical and struc-
tural design aspects and to evaluate their effects on the
performance of the entire system (soil-foundation-
structure system) and each of its components. It is
worth noting that in spite of the use of an effec-
tive stress analysis as a basic computational tool in
the probabilistic approach employed herein, details
of the response were not considered in the seismic
performance assessment.

6.4 Future needs

The examined approaches address different aspects
in the assessment and, in essence, are complimen-
tary in nature. It is envisioned that these approaches
will be used in parallel in the future, and hence, they
all require further development and improvement.
The pseudo-static approach requires establishment
of improved models depicting multiple deformational
mechanisms and in particular more rigorous and sys-
tematic procedures for parametric evaluation of the
seismic response. Methods based on seismic effective
stress analysis require improvement in the simula-
tion of large ground deformation and more empha-
sis on use of sophisticated nonlinear models for an
integrated analysis of the soil-foundation-structure
system. Finally, further development of the proba-
bilistic approach is needed including efforts towards
simplification of procedures and identification of rep-
resentative response measures (EDPs) and ground
motion measures (IMs) for various specific problems.

All of these analysis procedures improve our under-
standing of complex seismic behaviour and enhance
engineering judgement, which is probably one of the
most significant contributions that one can expect
from such an exercise.
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Outline of performance-based design for railway earth structures in Japan

M. Shinoda, K. Watanabe, K. Kojima & M. Tateyama
Railway Technical Research Institute, Tokyo, Japan

ABSTRACT: The design standard for railway earth structures was recently revised under the leadership of
a technical committee that consisted of universities and railway companies. This design standard is based on
a performance-based design method, and revises the standard that was established about fourteen years ago.
This paper introduces the basis for this new design standard, which includes design flow, design life, required
performance, and verification. As an example of this new performance-based design standard, the residual
deformation from a level-2 seismic event was verified.

1 INTRODUCTION

In the past, embankments, earth slopes, cut slopes,
retaining walls, and abutments in Japan were con-
structed using specification-based designs on the basis
of an engineer’s experience, without any advanced
design method. Therefore, it was accepted that such
structures would collapse when subjected to an earth-
quake or heavy rain and would need to be rebuilt as
soon as possible. This was because the deformation
and strength characteristics of soil are complex and
have potential variability as compared to those of con-
crete or steel, so that it was considered to be unrea-
sonable to apply an advanced design method to such
structures. Here, it is important to define structures
constructed with soil or rock, including track beds,
embankments, cut slopes, reinforced soil, drainage
structures, slope protection, and related structures as
earth structures.

Table 1 shows the revisions that have been made
to the technical standard for railway earth structures
in Japan. The first design standard for railway earth

Table 1. Revision of technical standard for railway
earth structures in Japan.

Year Name of standard

1961 Design standard for super express structures.
1967 Design and construction specification for

earth structures.
1987 Establishment of JR Group.
1992 Design standard for earth structures.
1999 Seismic design standard for railway structures.
2001 Revision of ministerial ordinance.
2004 Design standard for concrete structures revised,

adopting a performance-based design.
2007 Design standard for earth structures revised,

adopting a performance-based design.

structures was established in 1961, which was only
for Japan’s super express system, Shinkansen. This
standard was revised in 1967, making it a design and
construction specification for earth structures. It was
revised again in 1978 when the Japanese National
Railways (JNR) was privatized. In 1987, the JNR was
divided into several companies collectively called the
Japan Railway (JR) Group. After the privatization
of the JNR and the establishment of the JR Group,
the above revised design standard was applied until
1991. In 1992, this design standard was revised again
to introduce a new construction method and to take
another look at the design and construction method
described in the 1978 design standard. In 1995, the
Hyogo-ken Nambu earthquake occurred near the city
of Kobe, Japan. This earthquake caused over 5,000
deaths and extensive property damage in a highly
urbanized area of Japan. Many railway structures were
also severely damaged. After this earthquake, in 1999,
the new seismic design standard for railway structures,
including earth structures, bridge piers, frame struc-
tures, bridge support structures, foundations, and open
cut tunnels, was established to take into consideration
the earthquake motion caused by inland active faults.
It was the first to adopt a performance-based design
and was mainly composed of a dynamic analysis to
calculate a structure’s behavior when subjected to
an earthquake. In 2001, the ministerial ordinance
describing technical standards for railway structures
was revised from a specification-based design method
to a performance-based design method. Based on
the above revision, the design standard for concrete
structures was revised to adopt the performance-based
design method in 2004.

With this background, the design standard for
earth structures was revised to adopt the performance-
based design method in 2007. This paper outlines
the performance-based design method for earth
structures.

137

©2009 Taylor & Francis Group, London, UK



2 DESIGN BASIS

2.1 Scope

This design standard for railway earth structures can
be used to create a performance-based design. This
performance-based design method considers the indi-
vidual conditions of structures and newly developed
techniques and evaluates them from the viewpoint of
performance. This standard can be applied to the con-
struction of new structures on the main line, but can
also be applied to the verification of existing earth
structures, the construction of side tracks, the replace-
ment of railway tracks due to river improvements or
overhead crossings, and the reinforcement of existing
earth structures.

2.2 Definitions

This design standard for railway earth structures
defines terminology related to a performance-based
design. The following definitions apply:

Earth structures: structures constructed with soil or
rock, including track beds, embankments, cut slopes,
reinforced soil, drainage structures, slope protection,
and related structures.
Performance of structures: the ability exhibited by the
structures.
Performance of requirement: the required perfor-
mance of structures based on the objectives and
functions.
Verification of earth structures: judgment as to whether
the required performance of a design is satisfied
for the entire earth structure, track bed, slope pro-
tection, drainage structure, etc. Verification methods
use experiments with a full-scale structure, numerical
analysis after theoretical verification, and empirical
specifications defined with empirical knowledge.
Safety: performance ensuring that structures do not
threaten the lives of users or others.
Serviceability: performance ensuring that users or oth-
ers are comfortable with the structures, and that the
structures perform the required functions.
Restorability: the ability of structures to have their
performance easily restored when the structures are
damaged.
Durability: the ability of the structures to resist changes
in material properties over time.
Verification index: the replacement of a performance
item with a physical quantity that can be evaluated
quantitatively.
Pre-verified specification: specification of a construc-
tion method, material, geometry, etc. already verifying
the satisfaction of the required performance level.
Static condition: condition of application of perma-
nent load or ground deformation.
Seismic condition: condition of application of seismic
action in addition to the action of the static condition.

Rainy condition: condition of application of rainy
action in addition to the action of the static condition.

2.3 Design flow

Figure 1 shows the design flow for an embankment.
According to the performance-based design method,
performance requirements should be determined that
consider the importance of the structure, track struc-
ture, and difficulty of restorability by a railway com-
pany. After that, a response value should be calculated
with the preliminary sizing using the limit state design
method. Subsequently, this response value should be
verified to satisfy the performance limit value deter-
mined from the performance requirement.

However, since earth structures are essentially
simple, it is not always appropriate to spend too
much labor designing them, from the viewpoint of
cost or the design and construction schedule. In par-
ticular, the above design process is practically diffi-
cult for a small scale or urgent construction project.
Moreover, it becomes impractical or dangerous to
design a structure without sufficient investigation or
knowledge.

Therefore, to increase the convenience of the
design method and consider the variability of the
soil properties with a view to safety, a pre-verified
specification classified into three performance levels
according to the required performance is included in
the performance-based design method. This method
allows a conventional specification to be subdivided

Decide performance requirement

Adopt pre-verified
specification

Preliminary sizing

Calculate of performance

Satisfy required
performance?

Construction

Field inspection

End

Start

Performance-based design

Yes

No

Yes

No

Pass

Fail

Figure 1. Design flow for embankment.
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according to the required performance level, result-
ing in a more practical method. This is why the
pre-verified specification is expected to be generally
applied in designing structures.

In the case of applications of nonstandard spec-
ifications due to field conditions, the desire for a
reasonable design rather than a standard design in a
large scale construction project, or the adoption of
a new type of earth structure, the performance-based
design method is expected to be applied in the design
work.

2.4 Design life

In principle, the design life is determined from the
required service life, maintenance, environmental
conditions, and life cycle cost. The design life is the
length of time that the structure is expected to exhibit
the required performance and is generally essential
when considering the durability of the material used
in the design. However, an earth structure, especially
an embankment, becomes more stable over time, in
contrast with other structures, such as a bridge pier.
Therefore, it is not essential to determine the design
life from the point of view of material durability or the
necessity of replacement.

However, a design service life should be determined
in relation to set actions caused by earthquakes or
heavy rain in the design work. In this case, the design
service life can be set at 100 years, which is a standard
design life value for other structures.

2.5 Required performance

2.5.1 Required performance of earth structures
The required performance of earth structures should
generally be set as safety, serviceability, and restora-
bility. Tables 2 to 4 show the performance items
and examples of the performance index for each
required performance, such as safety, serviceability,
and restorability.

2.5.2 Performance rank
For a practical design, it is necessary to classify
the required performance level. In this standard, the
required performance is given a performance rank of

Table 2. Performance item and safety index.

Performance item Example of performance index

Failure Internal stability of earth structure,
displacement, deformation

Stability Stability of foundation, including
global stability and deformation
of consolidation, displacement,
deformation.

Train running Displacement, deformation.

Table 3. Performance item and index for service-
ability.

Performance item Example of performance index

Riding quality Displacement, deformation
Track maintenance Displacement, deformation
Vibration or noise Vibration level, noise level
Exterior Deformation, cracking

Table 4. Performance item and index for restor-
ability.

Example of performance
Performance item index

Deformation, damage, Displacement, deformation
remaining resistance

1 to 3. An earth structure with a performance rank
of 1 exhibits little deformation under a static load
and does not exhibit excessive deformation under
extremely rare accidental action. An example of a
performance rank of 1 is the earth structure that is
used to support the ballastless track generally used in
Japan for the Shinkansen super express system. An
earth structure with a performance rank of 2 exhibits
deformation that can be repaired by normal mainte-
nance under the static condition and does not exhibit
devastating deformation under extremely rare acci-
dental action. An example of a performance rank of 2
is an earth structure supporting the ballast track of an
important line. An earth structure with a performance
rank of 3 exhibits deformation under a static load and
does not exhibit deformation with no collapse under
frequently occurring action.

It is important that these performance ranks be
determined, not only from the viewpoint of the impor-
tance of the railway structure but also because of
the necessity of a railway corporation to manage its
business. Here, the performance rank for the requi-
red performance can originally be set by the railway
corporation.

2.5.3 Principle of verification
Basically, a limit state based on the required perfor-
mance should be determined for each earth structure.
It should then be confirmed that the whole or part
of the structure does not reach the limit state. For
an earth structure constructed according to the pre-
verified specification established in each performance
rank, this structure is identified with that having the
required performance. This pre-verified specification
is already verified as satisfying the required per-
formance by numerical analysis or past experience.
This specification is considered to be a safety design.
Therefore, in order to create a reasonable design for
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a large scale construction project, the performance-
based design method should be employed based on
this standard.

2.6 Verification

2.6.1 Verification method
In the case of using a verification formula, the follow-
ing formula can be used for each performance index:

γi · IRd

ILd
≤ 1.0 (1)

where IRd is the design response value, ILd is the design
limit value, and γi is the structure coefficient. This
structure coefficient is generally set at a value of 1.0 to
1.2, considering the importance of the structure, social
influence of the limit state of the structure, and impor-
tance of mitigation. The performance-based design
method in this standard compares the response value
with the limit value to verify each performance index
after setting the limit state equivalent to the required
performance. It is necessary to verify the structure’s
performance under the most severe conditions in the
design life, considering the time-dependent character-
istics of the structure.

2.6.2 Basis of safety verification
An earth structure’s safety is verified to set the limit
value of failure, residual displacement, and dynamic
displacement amplitude of the structure subjected to
actions during the construction and design life. The
deformation and strength characteristics of soil can
change due to various actions, including earthquakes
or heavy rain. For example, in an earthquake, the
stability of an earth structure decreases due to the soft-
ening of the saturated sand foundation supporting the
structure because of an increase in the pore pressure
in the foundation. Likewise, in a heavy rain, the sta-
bility of an earth structure decreases due to a decrease
in the shear resistance because of a decrease in the
suction or an increase in the pore pressure. There-
fore, it is very important to set characteristic values
related to strength or deformation while considering
such actions in the design life.

2.6.3 Basis of serviceability verification
An earth structure’s serviceability is verified to set
limit values for track maintenance workability, rid-
ing quality, noise, vibration, and exterior within the
design life. An earth structure exhibits excessive defor-
mation or settling after the track construction, leading
to an extreme increase in track maintenance. In par-
ticular, in the case of ballastless track applied for the
purpose of low maintenance, large settlement or defor-
mation causes a huge maintenance cost without func-
tioning. Therefore, the limit value of an earth structure
for serviceability should be determined as a residual
settlement below the roadbed that is less than the limit

value considering the total cost of maintenance. The
limit value for stiffness can be set so as not to exhibit
excessive stress or strain in the railway structure, as
the need arises.

If necessary, the limit values for noise and vibration
should be determined for a super express or conven-
tional line. For a super express, there is a special
need to set an environmental standard related to noise
and vibration. For a conventional line, the limit value
should be set appropriately, especially for an embank-
ment on soft ground. These verifications require the
use of measured data and numerical analyses of this
data because a prediction method for noise and vibra-
tion has not yet been established.

Table 5 can be referenced when the limit value
for ground settlement is set. There is a correlation
between the progression rate of undulation displace-
ment and maintenance work. In addition, there is
a correlation between the progression rate of undu-
lation displacement and the residual displacement
of the ground. Based on the above correlation, an
allowable residual displacement can be set by consid-
ering the possible maintenance work for the specific
line. Here, the possible maintenance work should be
considered economically, as compared to the initial
investment for ground settlement and the usual main-
tenance cost. The limit value criterion for ground
settlement is identical to the settlement on the top of the
embankment because a residual displacement of the
embankment is not exhibited due to the stabilization
of the embankment.

2.6.4 Basis of restorability verification
An earth structure’s restorability is verified as not
reaching the limit state of the following deformation
level by considering the restorability of the struc-
ture when subjected to an accidental action, such as
an earthquake or heavy rain. The deformation level
should be set based on the following performance in
relation to the residual deformation of the structure
when subjected to an earthquake or heavy rain:

Deformation level 1: there is little deformation, there
is no impairment of function, and it is possible to use
the structure without any maintenance.
Deformation level 2: there is a small deformation, but
the function can be restored quickly by a small amount
of maintenance.
Deformation level 3: there is a large deformation, but
the function can be restored by partial reconstruction.

Table 5. Limit value criterion of ground settlement
for serviceability.

Residual displacement Limit value of progression
(cm) rate of settlement

10 cm 3 cm/year
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Deformation level 4: there is an extremely large defor-
mation. Therefore, the function cannot be restored
without total reconstruction in some cases.

A damage level for an earth structure subjected to
an earthquake or heavy rain should be set as follows,
considering the restorability of the entire earth struc-
ture or its structural characteristics:

Damage level 1: there is little damage.
Damage level 2: there is damage that makes mainte-
nance necessary in some cases.
Damage level 3: there is damage that makes mainte-
nance necessary.
Damage level 4: maintenance is necessary. The replac-
ement of part of the earth structure is necessary in some
cases.

Table 6 shows the standard relationships between
performance rank, deformation level, and damage
level. The embankment consists of incidental struc-
tures, such as the track bed, slope protection, and
drainage structure, in addition to the foundation and
embankment itself. Each part has an influence that is
different from the embankment itself, with a different
allowable damage level and design life. Therefore, the
relationships shown in Table 6 are a general standard.
This means the deformation level and damage level
can be set based on the performance rank to consider
the individual condition. This standard provides the
standard limit values for settlement as shown in Table 7
for practical design work.

2.7 Pre-verified specification

In the past, numerical design work for embankments
had not been performed because specification-based
design work was conducted based on the slope angle,

Table 6. Standard relationships between performance rank,
deformation level, and damage level.

Performance Performance Performance
Item rank 1 rank 2 rank 3

Deformation
level 1 2–3 3–4

Damage level 1–2 2–3 3–4

Table 7. Standard limit values for settlement.

Deformation
level Vertical displacement

1 No displacement
2 Less than 20 cm
3 More than or equal to 20 cm

and less than 50 cm
4 More than or equal to 50 cm

compaction method, required degree of compaction,
and soil properties of the foundation, as determined
from past records or experience. There were mainly
two reasons for this. One is that a numerical design
method is not appropriate for considering the vari-
ability of backfill soil or foundation properties. The
other is that it is relatively easy to repair a damaged
embankment. In fact, it is not appropriate to con-
duct numerical design work for an embankment in
a small scale construction project, but would negate
the merit of the structural simplicity. Therefore, in
this standard, the pre-verified specification is pro-
vided to conduct the conventional specification-based
design.

Table 8 shows the basic pre-verified specification
for embankments. The following discusses 6.0 m high
embankments as representative examples for each per-
formance rank. An embankment with a performance
rank of 1 is specified with an inclination of more than
1:1.8 and the installation of primary and secondary
reinforcements with spacings of 1.5 m and 0.3 m,
respectively, as shown in Figure 2a. An embankment
with a performance rank of 2 is specified with an
inclination of 1:1.8 or 1:1.5 and the installation of

Table 8. Basic pre-verified specification for embank-
ments.

Performance Primary Secondary
rank Inclination reinforcement reinforcement

More than
1 1:1.8 Essential Essential

More than
2 1:1.5 If necessary Essential

More than Basically
3 1:1.5 not Essential

a) 

b)

c) 

3.
0

3.
0

Upper

Lower

11.0

0.3
1.5

1:1.8

Primary reinforcement

Secondary reinforcement

3.
0

3.
0

Upper

Lower

11.0

0.3

1:1.8

Secondary reinforcement

3.
0

3.
0

Upper

Lower

11.0

0.3

1:1.5

Secondary reinforcement

Figure 2. Representative geometries of embankment in
each performance rank: a) performance rank 1, b) perfor-
mance rank 2 and 3 c) performance ranks 2 and 3.
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secondary reinforcements with a spacing of 0.3 m,
as shown in Figures 2b and 2c. An embankment
with a performance rank of 3 is specified with an
inclination of 1:1.5 and the installation of secondary
reinforcements with a spacing of 0.3 m, as shown in
Figure 2c.

The quality of the backfill soil is different in each
performance rank. The backfill soil property for each
performance rank will be explained later.

2.8 Action

For the performance-based design of earth structures,
an appropriate combination of possible actions dur-
ing the construction and design life should be consid-
ered. These actions include permanent, variable, and
accidental actions.

A permanent action affects the earth structure con-
tinuously with negligible variation. For an earth struc-
ture, such permanent actions are dead loads, such as
self weight or track weight. The earth pressure due to
the self weight can be treated as a permanent action.
A variable action is of frequent or continuous occur-
rence without negligible variation. These include train
load, impact load, wind load, earth pressure due to train
load, roadbed pressure, and especially earthquakes
and rain, which will be explained later. An acciden-
tal action is of rare occurrence but causes significant
damage to the earth structure. These actions include
heavy earthquakes or rain.

2.8.1 Seismic action
The seismic standard prescribes Level-1 and Level-2
earthquake motions as design earthquake motions.
These Level-1 and Level-2 earthquake motions are
set at the bedrock and their properties are represented
by acceleration response spectra. Level-1 earthquake
motion has been used in combination with the elastic
design method. In addition to being treated as a
static load (for the seismic coefficient method), it is
also provided as a seismic wave form for dynamic
analysis. The intensity of this earthquake motion
is determined by referring to the earthquake risk
for a return period of 50 years. Level-2 earthquake
motion is considered to occur in regions near faults,
including hypocenters, and to be as severe as the
strong earthquake motions experienced during the
1995 Hyogoken-Nambu Earthquake. The accelera-
tion response spectra of Level-2 earthquake motion
as standard earthquake motion considers the
following:

i. The acceleration response spectrum (Spectrum I)
targeting near-land interpolate earthquakes that has
been considered in a conventional design.

ii. The acceleration response spectrum (Spectrum II)
determined according to a statistical analysis based
on past earthquake observation records targeting
earthquakes produced by inland active faults. The

seismic standard also prescribes the ground sur-
face design earthquake motion for each ground
classification, and the characteristics of that earth-
quake motion are outlined by the acceleration
response spectra. Since the characteristics of the
surface ground must be expressed as accurately as
possible, the ground is classified into eight types, as
shown in Table 8. This classification corresponds
to the natural period of the ground computed based
on the initial velocity of the shear wave of the
ground surface. Ground surface design earthquake
motions are determined to be Level-1, Spectra I
of Level-2, or Spectra II of Level-2 earthquake
motions. As representative examples, the elastic
acceleration response spectrum (Spectrum II) of
Level-2 earthquake motions and the time history
waveform (Spectrum II) of ground surface design
earthquake motions (Level-2 earthquake motions)
are shown in Figures 3 and 4, respectively.

2.8.2 Rain action
In contrast to RC or steel structures, the stability of an
earth structure decreases when rain penetrates into the
backfill soil of the embankment, potentially causing
the collapse of the earth structure. Therefore, a veri-
fication of an earth structure subjected to rain should
be conducted. If there is accumulated precipitation
data for a long period near the concerned construction
area, this can be used to calculate the probabilistic
precipitation with a specific return period. If there is
no accumulated precipitation data near the concerned
construction area, the probabilistic precipitations with
specific return periods for ten minute, hourly, daily,
and annual rainfalls provided by this standard can
be used. These probabilistic rainfalls with specific
return periods should be selected for the respective
verifications. For example, the design of a drainage
structure is conducted using a 10 minute probabilis-
tic rainfall with a return period of 5 years against
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Figure 3. Elastic acceleration response spectra of ground
surface design earthquake motions (Spectrum II of Level-2
earthquake motion).
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a localized torrential downpour. These probabilistic
precipitations with specific return periods were cal-
culated using the accumulated precipitation data for
40 years. Therefore, these probabilistic precipitations
will be updated when additional precipitation data is
accumulated.

On the other hand, the stability of an embankment
decreases due to the penetration of rainfall over a long
time. There are mainly two effects on the stability of an
embankment subjected to rain. One is a decrease in the
suction in the embankment due to the increase in the
degree of saturation of the backfill soil. The other is a
decrease in the effective pressure due to the decrease
in the pore pressure in the backfill soil of the embank-
ment in the case of long-term rainfall penetration. To
ensure the stability of an embankment subjected to
rain, a verification should be conducted.

To verify the performance of an embankment sub-
jected to rain, an unsaturated seepage analysis can be
conducted to consider all of the water characteristics,
including the degree of saturation in the backfill soil of
the embankment. To conduct an unsaturated seepage
analysis, the maximum precipitation and time-history
of the precipitation are necessary. This standard pro-
vides hourly, daily, or annual probabilistic rainfall
with two specific return periods for the verification.
The two probabilistic precipitations were provided
as Action-1 and Action-2 with return periods of 100
and 1,000 years, respectively, as simulated rainfall
of frequent or rare occurrence. Figures 5 and 6 show
representative examples of probabilistic daily precipi-
tation maps with a return period of 100 and 1,000 years

Daily precipitation (mm/day)
200
300
400
500

Figure 5. Probabilistic hourly precipitation map with a
return period of 100 years for the whole country of Japan.

Daily precipitation (mm/day)
300
450
600
750

Figure 6. Probabilistic daily precipitation map with a return
period of 1000 year for the whole country of Japan.

(Action-1 and Action-2), respectively. The maximum
precipitation can be set by referring to the provided
probabilistic precipitation, as shown in Figures 5 and 6,
if there is no accumulated precipitation data near the
concerned area. If it is necessary to set local probabilis-
tic hourly or daily precipitations with a return period of
100 years, the local probabilistic precipitation maps
proposed by Shinoda & Honjo (2007) can be refer-
enced. Figure 7 shows a proposed probabilistic daily
precipitation map with a return period of 100 years
for Kanto region. This standard also provides two
types of precipitation time-histories for short and long
durations.
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Figure 7. Probabilistic daily precipitation with a return
period of 100 year in Kanto region (after Shinoda and Honjyo
2007).

2.9 Design value

2.9.1 Design value of backfill and surface soil
It is recommended that a laboratory test be conducted,
such as a triaxial compression test, to determine a
design value for the soil material of the embankment.
To verify the stability of an embankment under static
or seismic conditions, appropriate laboratory tests are
the drained triaxial compression test for sand and the
undrained triaxial compression test for clay. To verify
the stability of an embankment under rainy conditions,
the appropriate laboratory test is an unsaturated triax-
ial compression test to determine the water content
of the backfill. It is important when conducting the
above triaxial compression tests to set an appropri-
ate confining pressure in accordance with the actual
conditions.

Soil materials for embankments are classified as
backfill and surface soils in this standard, as shown in
Figure 8. This is because, in practice, the surface soil
along a slope is generally very difficult to compact,
thus requiring a lower friction angle. Moreover, the
cohesion of unsaturated surface soil generally depends
on the degree of saturation. The degree of saturation
of the surface soil is usually higher due to the effects of
rainfall. This indicates that the cohesion of surface soil
may become lower than that of backfill soil. Thus, the
properties of surface soil were modeled by using a rel-
atively lower friction angle and cohesion than backfill
soil.

Due to a limited budget or small scale construction,
there may be a case where it is difficult to conduct
the above triaxial tests. In this case, design values
for backfill and surface soils for an embankment are
provided in this standard, as shown in Tables 9 to
14. These design values were determined for each
soil group, A to D. These soil groups were classified
using the geotechnical classification of the Japanese
Geotechnical Society. Tables 9 to 14 show backfill
and surface soil design values that can be used for

Backfill
soil

2.0m
Surface soil

Figure 8. Classification of backfill and surface soil of
embankment.

Table 9. Ground classification for seismic design.

Ground Natural
classification period (s) Description

G0 – Hard rock
G1 – Bedrock
G2 0.25 and shorter Diluvium
G3 0.25 to 0.5 Dense soil
G4 0.5 to 0.75 Dense to soft soil
G5 0.75 to 1.0 Soft soil
G6 1.0 to 1.5 Very soft soil
G7 1.5 and longer Extremely soft soil

Table 10. Design values for the backfill soil of an
embankment for stability verification under static,
seismic, and rainy condition.

Soil group γ (kN/m3) c(kN/m2) φ(degree)

A 18 6 45
B 17 6 40
C 16 6 35
D 14 20 25

Note: For rainy conditions, the degree of saturation
of the backfill is less than 80%.

Table 11. Design values for the surface soil of an
embankment for stability verification under static,
seismic, and rainy conditions.

Soil group γ (kN/m3) c(kN/m2) φ(degree)

A 18 3 40
B 17 3 35
C 16 3 30
D 14 10 20

Note: For rainy conditions, the degree of saturation
of the backfill is less than 80%.

stability verifications under static, seismic, and rainy
conditions. For rainy conditions, the design values of
the backfill and surface soils are classified using the
degrees of saturation.

If the compaction of the backfill soil is considered
to be insufficient and causes a loose condition for the
backfill, the design value of the backfill soil should be
set the same as the design value of the surface soil. If
the compaction of the backfill soil is confirmed to be
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Table 12. Design values for the unsaturated back-
fill soil of an embankment under rainy conditions.

Soil group γ (kN/m3) c(kN/m2) φ(degree)

A 19 3 45
B 18 3 40
C 17 3 35
D 15 10 25

Note: The degree of saturation of the backfill is less
than 100% and greater than or equal to 80%.

Table 13. Design values for the unsaturated surface soil
of an embankment under rainy conditions.

Soil group γ (kN/m3) c(kN/m2) φ(degree)

A 19 1.5 40
B 18 1.5 35
C 17 1.5 30
D 15 5 20

Note: The degree of saturation of the backfill is less than
100% and greater than or equal to 80%.

Table 14. Design values for the saturated backfill soil
of an embankment under rainy conditions.

Soil group γ (kN/m3) c(kN/m2) φ(degree)

A 20 0 45
B 19 0 40
C 18 0 35
D 16 10 25

Note: The degree of saturation of the backfill is equal to
100%.
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Figure 9. Sensitivity of peak friction angle to the ratio.

sufficient by field inspection, with a degree of com-
paction of more than 90%, the friction angle of the
backfill soil increases, as shown in Figure 9. When
the higher friction angle of the backfill soil is used, an
appropriate judgment is essential on the results of the
field or laboratory tests.

Table 15. Design values for the saturated surface soil
of an embankment under rainy conditions.

Soil group γ (kN/m3) c(kN/m2) φ(degree)

A 20 0 40
B 19 0 35
C 18 0 30
D 16 5 20

Note: The degree of saturation of the surface soil is equal
to 100%.

2.9.2 Design value for ground
A design value for the ground is calculated by multi-
plying the characteristic value of the soil property by
the ground inspection factor. The ground inspection
factor should be determined to consider the accuracy
and reliability of the ground inspection.

The design friction angle or design cohesion of
the ground soil property is important for designing
earth structures. Therefore, the design friction angle or
design cohesion should be determined by the standard
penetration test (SPT) or a laboratory test.

3 VERICATION EXAMPLE

As mentioned before, the performance-based design
of an embankment is conducted according to the flow
chart shown in Figure 1. Practically, an appropriate
combination of actions should be considered, includ-
ing static, rainy, or seismic conditions. In the follow-
ing, as a representative example, the performance of
an embankment under the level-2 seismic condition is
verified by the performance-based design method.

3.1 Model configuration

Figure 10 shows a model for performance verification
when a structure is subjected to a level-2 seismic load.
The soil property is set as soil group C, as shown in
Tables 9 and 10. The foundation is assumed to be an
improved soil having high stiffness and strength. The
performance requirement of this model is assumed to
have performance rank 2. This indicates that the defor-
mation level of this embankment is 2 to 3, according
to Table 6. In this example, the required deformation
level is assumed to be level 3. Accordingly, referring
to Table 7, the design limit value for settlement can be
set to 50 cm.

3.2 Verification equation of level-2 seismic
residual deformation

The verification of level-2 seismic residual deforma-
tion is conducted to ensure that the response value for
settlement at the top of the embankment is less than

145

©2009 Taylor & Francis Group, London, UK

  



6.
0

10.0

0.3

1:1.5

Secondary reinforcement

Figure 10. Model configuration for the performance ver-
ification of an embankment subjected to a level-2 seismic
load.

the design limit value for settlement, based on Equa-
tion (1). In this verification, the following equation
can be used:

γi · SRd

SLd
≤ 1.0 (2)

where SRd is the design response value for settlement,
SLd is the design limit value for settlement, and γi is a
structure coefficient, which is generally set as 1.0. The
design response value for settlement is a summation
of the deformation along a circular slip surface, set-
tlement due to the densification of the embankment
and foundation. Generally, the settlement along the
circular slip surface is the largest and most impor-
tant in practice. Therefore, in this paper, the defor-
mation along the circular slip surface is explained in
the following. This deformation can be calculated by
Newmark’s sliding block analysis (Newmark, 1965),
which will be explained in the following section.

3.3 Newmark’s sliding block analysis

In this standard, Newmark’s sliding block analysis
(Newmark 1965) was adopted for the verification of
the seismic deformation. It is a simplified procedure
employed in the design code of railway structures
in Japan (RTRI 2007), in which the seismic defor-
mation of earth slopes or GRS slopes subjected to a
strong ground motion can be calculated by integrating
the equation for the rotational motion of a soil mass
contained within the critical circular slip surface by
assuming the failure mass as a rotational rigid block.
The equation for rotational motion is solved for the
rotation caused by the difference between the driv-
ing and resisting moments. The critical slip surface
is determined by the conventional modified Fellenius
method (Fellenius 1927), using a specific acceleration
or seismic coefficient to yield a safety factor of 1.0.
Hereafter, this acceleration and seismic coefficient
will be referred to as the yield acceleration and yield
seismic coefficient, respectively. Requisites for such
an analysis are the unit weight, friction angle, and
cohesion of the soil, along with the design strength of
the reinforcement. For calculating the seismic defor-
mation, it is not necessary to consider input parameters
in addition to those mentioned above. The best feature
of this analysis is that it is practically useful and less

time consuming in terms of calculation. Newmark’s
sliding block analysis will be hereafter referred to
as the Newmark analysis.

Figure 11 shows the flow chart of the standard deter-
ministic Newmark analysis based on the RTRI design
code. The seismic stability analysis is conducted with
the conventional modified Fellenius method to deter-
mine the center and radius of the critical circular slip
surface and yield acceleration.

The safety factor in the above seismic stability anal-
ysis can be obtained from the following equation:

FS = Mr

Md
= Mrw + Mrc + Mrt − khMrk

Mdw + khMdk
(3)

where FS is the safety factor; kh, seismic coefficient;
Mr , overall resisting moment; Md , overall driving
moment; Mrw, resisting moment due to the self-weight
of the soil; Mrc, resisting moment due to soil cohesion;
Mrt , resisting moment due to the design strength of
reinforcement; Mrk , decrease in the resisting moment

Seismic stability analysis

Determine the center and radius of
the critical circular slip surface

at the yield acceleration

Select design ground motion

Seismic stability analysis using the
above-determined center and radius
of the critical circular slip surface

Calculate the difference between the
driving and resisting moments

Update the time of the design
ground motion and seisimic

coefficient

End of the time history of the
design ground motion

Calculate the seismic deformation

Integrate the equation of
rotational motion

Yes

No

Figure 11. Flow chart for the standard Newmark analysis
employed in the RTRI design code (2007).
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per unit seismic coefficient due to the self-weight of
the soil subjected to a seismic inertia force; Mdw, driv-
ing moment due to the self-weight of the soil; and
Mdk , driving moment per unit seismic coefficient due
to the seismic inertia force. By substituting FS = 1.0
and rearranging Eq. (3), the yield seismic coefficient
is obtained as follows:

ky = Mrw + Mrc + Mrt − Mdw

Mdk + Mrk
. (4)

Each component of Eq. (3) and Eq. (4) can be cal-
culated as follows:

Mrw = R
∑

(Wi · cos αi · tan φ) (5)

Mrc = R
∑

(c · li) (6)

Mrt = R
∑

{Ti · (sin αi · tan φ + cos αi)} (7)

Mrk = R
∑

(Wi · sin αi · tan φ) (8)

Mdw =
∑

{(xg,i − xc) · Wi} (9)

Mdk =
∑

{(yc − yg,i) · Wi} (10)

The notations are defined in Figure 12, where
R is the radius of the critical circular slip surface;
Wi, soil weight of the i-th slice; αi, angle between
the critical slip surface and x coordinate of the i-th
slice; φ, soil friction angle; c, soil cohesion; li, length
of the critical slip surface of the i-th slice; xg,i and
yg,i, the x and y coordinates of the center of grav-
ity of the i-th slice, respectively; and xc and yc, the
x and y coordinates of the center of the critical slip
surface, respectively. Subsequently, after selecting the
design ground motion, a seismic stability analysis
is conducted by using the above-determined center
and radius of the critical slip surface. The seismic
coefficient is updated as follows:

kh(t) = A(t)

g
(11)

where A(t) is the acceleration time history of the design
ground motion, and g is the gravitational acceleration.

(0,0)

R
(xc,yc)

R
g

(xg,i ,yg,i)

Wi

khWi

b

α

T

T

T

Primary
reinforcement

Secondary
reinforcement

Figure 12. Notations for the geosynthetic-reinforced soil
slope.

The above seismic stability analysis is performed
up to the end of the time history of the design ground
acceleration. During the seismic stability analysis, the
difference between the overall driving and resisting
moments is calculated, and the equation of rotational
motion is obtained as follows:

J θ̈ (t) = Md(t) − Mr(t) (12)

= Mdw + khMdk − Mrw + khMrk − Mrc − Mrt

where θ is the rotational angle of the soil mass and J
is the moment of inertia expressed as follows:

J =
∑ (

Jg,i + 1

g
· R2

g,i · Wi

)
(13)

where Jg,i is the polar moment of inertia of the i-th
slice and Rg,i is the distance between the center of the
slice and that of the critical circular slip surface of the
i-th slice, as shown in Fig. 2. The angular accelera-
tion, angular velocity, and rotation of the soil mass are
obtained as follows:

θ̈t+�t = 1

J
�Mt+�t (14)

θ̇t+�t = θ̇t + 1

2
· (θ̈t + θ̈t+�t) · �t (15)

θt+�t = θt + θ̇t · �t + 1

6
· (2 · θ̈t + θ̈t+�t) · �t2 (16)

The accumulated rotation of the soil mass is com-
puted using Eq. (16) only when the angular velocity is
positive. Finally, the seismic deformation is obtained
as follows:

dt = R · θt (17)

In this paper, the seismic deformation is defined as
a rotational displacement along the critical slip surface
of the failure mass according to the RTRI design code.

3.4 Verification of level-2 seismic residual
deformation

The seismic deformation analysis was conducted to
obtain the design response value for settlement using
Equation (2). The settlement due to the densifica-
tion of the embankment was obtained based on the
RTRI design code. Moreover, the settlement due to
the densification of the foundation was negligible due
to the improvement. Each settlement was obtained as
shown in Table 16. Consequently, the design response
value for settlement became 185 mm, by adding the
individual settlements shown in Table 16.
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Table 16. Classification of the properties of soil material.

Soil group Engineering
classification

A G, G-S, GS, G-F, G-FS, GS-F, Low
exfoliative excavated rock of tunnel
construction

B S, S-G, SG, S-F, S-FG, SG-F, High
exfoliative excavated rock of tunnel
construction

C GF, GF-S, GFS, SF, SF-G, SFG
D M, C, O, Pt, Mk, V

Note: X-Y = X containing Y equal to or more
than 5% and less than 15%; XY = X containing Y
equal to or more than 15%; G = Gravel; G-S and
GS = Sandy gravel, G-F and GF = Gravel containing fine
soil; G-FS, GF-S, GS-F, and GFS = Sandy gravel contain-
ing fine soil; S = Sand; S-G and SG = Gravelly sand; S-F
and SF = Sand containing fine soil; S-FG, S-GF, SF-G, and
SFG = Gravelly sand containing fine soil; M = Mo; C =
Clay; O = Organic soil; Pt = Highly organic soil or Peat;
Mk = Muck; V = Volcanic cohesive soil; Source—RTRI
design specification.

Table 17. Result of seismic deformation analysis.

Item Settlement (mm)

Settlement along the circular
slip surface 109

Settlement due to the
densification of the
embankment 76

Settlement due to the
densification of the
foundation 0

The verification of level-2 seismic residual defor-
mation is conducted as follows:

γi · SRd

SLd
= 1.0 · 185

500
= 0.37 ≤ 1.0. (18)

The verification value is less than 1.0, therefore
the required performance for level-2 seismic residual
deformation is satisfied in this model, as shown in
Figure 12.

4 CONCLUSIONS

This paper outlined the performance-based design
method for railway earth structures. It introduced the
design basis for the performance-based design of rail-
way earth structures, including design flow, design
life, required performance, and verification. As an
example of the performance-based design method,
a practical verification of a level-2 seismic resid-
ual deformation was conducted. Additional research

is required to investigate an economic cost-benefit
evaluation with the life-cycle cost obtained from the
limit state exceedance probability, considering the
occurrence rate of different levels of seismic motions.
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ABSTRACT: Focusing on seismic performance of geosynthetic-reinforced soil retaining walls in Japan and
their performance-based design, case histories on their use for railway structures and relevant model test results
are briefly summarized, and several features of a newly-revised Japanese design standard for railway earth
structures are reported. Based on good performances that have been observed in a case history and confirmed
by relevant model tests, geosynthetic-reinforced soil retaining walls have been frequently applied to both new
construction and retrofit work after recent large earthquakes in Japan. In the design standard, three ranks of
seismic performance against level 1 and 2 earthquakes are assigned, and a recommendation of their verification
procedures is made.

1 INTRODUCTION

Recently, Japan suffered from several large earth-
quakes which caused extensive damage to earth struc-
tures. In some of them, geosynthetic-reinforced soils
(GRSs) performed very well (e.g., Tatsuoka et al.,
1997 and Koseki et al., 2008 among others), and thus
they were considered more frequently for the replace-
ment of conventional earth structures in reconstruction
works (Koseki et al., 2006a, 2008 and Shinoda et al.,
2007 among others).

Since the 1995 Hyogoken-Nanbu (Kobe) earth-
quake, in particular, the level of the design seismic
load has been raised significantly, while introduc-
ing the concept of so-called level 2 earthquake load,
which is defined as the maximum possible level over
the design life of civil engineering structures (JSCE
2006). Meanwhile, the principle of performance-
based design has been introduced as well. Under such
circumstances, several design guidelines for new con-
struction works of civil engineering structures in Japan
have been revised or are under revision process, and
reinforced soils are not the exceptions.

In view of the above, in this paper, by updating
the information as compiled by Koseki et al., 2008,
Japanese case histories are overviewed on the seismic
performance of GRS structures and their use in recon-
struction works as replacement of conventional earth

structures that have been damaged by earthquakes.
Then, results from relevant model shaking tests are
summarized, focusing on ductile behavior of GRS
structures. Lastly, several features of a newly-revised
design standard for railway earth structures in Japan
(RTRI, 2007 and Koseki et al., 2007) are reported,
focusing on performance-based seismic design of
GRS structures.

2 JAPANESE CASE HISTORIES

2.1 1995 Hyogoken-Nanbu (Kobe) earthquake

In the severely shaken area by the January 17, 1995
Hyogoken-nanbu earthquake, conventional type
retaining walls (RWs) without foundation, such as
cantilever, gravity and leaning-type ones, suffered
overall tilting and/or failure of the wall body, as typi-
cally shown in Fig. 1. Most of them had to be removed
and reconstructed after the earthquake.

In contrast to the above, as shown in Fig. 2, one
GRS RW with full-height rigid facing, which was
located at Tanata within the severely shaken area,
survived with minor residual lateral displacements
of about 10 to 20 cm that are measured relative to the
neighboring culvert box structure. The standard proce-
dures for staged construction of this type of GRS RWs
with a full-height rigid facing is illustrated in Fig. 3.
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Figure 1. Failure of railway cantilever-type retaining wall
at Ishiyagawa due to 1995 Hyogoken-nanbu earthquake
(Tatsuoka et al., 1996).

On the other side of the culvert structure, as shown
in Fig. 4, a cantilever-type RW with bored-pile foun-
dation suffered similar amounts of residual lateral dis-
placement, suggesting that this wall and the previous
GRS RW without foundation exhibited almost the
same seismic resistance.

Refer to Tatsuoka et al. (1995, 1996, 1997, 1998)
and Koseki et al. (1999) for the details of the damage
investigation and its back-analysis. The results from
a series of relevant model tests conducted on the dif-
ferent types of RWs have been reported by Watanabe
et al. (2003) and will be partly explained later.

2.2 2004 Niigataken-Chuetsu earthquake

Many embankments for roads, railways and hous-
ing estates were damaged by the October 23, 2004
Niigataken-chuetsu earthquake (Tatsuoka et al., 2006,
JSCE 2006, JGS 2007a). For example, the traffic
along national highways and prefectural roads were

(Unit: m) 

Max. residual disp.: 0.26 m at top 

(Unit: m) 

Max. residual disp.: 0.26 m at top 

(Unit: m) 

Max. residual disp.: 0.26 m at top & 
0.10 m at ground surface level 

a)

b)

Figure 2. Residual displacement of railway geosynthetic-
reinforced soil retaining wall at Tanata due to 1995
Hyogoken-nanbu earthquake (Tatsuoka et al., 1996).

Figure 3. Staged construction procedures for geosynthetic-
reinforced soil retaining walls with full-height rigid facing
(Tatsuoka et al., 1995).

suspended at 101 sites (Koseki et al., 2006b), and
most of them were caused by failure of embankments.

Figure 5 shows a case history where both a national
highway retaining wall and a railway embankment
were severely damaged by the same slide. The high-
way retaining wall was repaired using GRS RW with
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Residual disp.: 0.22 m at top & 
0.10 m at ground surface level 

(Unit: m) 

Residual disp.: 0.22 m at top & 
0.10 m at ground surface level 

b)

a)

Figure 4. Residual displacement of railway cantilever-type
retaining wall with pile foundation at Tanata due to 1995
Hyogoken-nanbu earthquake (Tatsuoka et al., 1996).

segmental facing panels made of pre-cast concrete
(Fig. 6), while the railway embankment on the down
slope side was reconstructed using GRS RW with a
full-height rigid facing and rock bolts (Fig. 7). Such
different repair decisions were made based on ground
conditions, construction time and available backfill
material.

Figure 8 shows another reconstruction case history
of a collapsed railway embankment using a combina-
tion of GRS RW and earth anchors (Kitamoto et al.,
2006).

Figure 9 shows reconstruction of a collapsed rail-
way embankment by re-using the collapsed fill mate-
rial. As illustrated in the figure, the fill material was
improved by adding a cement-origin stabilizer at a
mixing ratio of 150 kg/m3 for the upper embankment
and 105 kg/m3 for the lower embankment. It was fur-
ther reinforced with geogrid sheets that were placed
at a vertical spacing of 1.5 m as secondary reinforce-
ment. In order to ensure the drainage, a gravel mat was
placed at the bottom of the embankment.

2.3 2007 Noto-Hanto earthquake

The March 25, 2007 Noto-hanto earthquake caused
severe damage to embankments of Noto toll road.

c)

56m

a)

b)

Figure 5. Failure of highway gravity-type retaining wall
and railway embankment at Tenno due to 2004 Niigataken-
chuetsu earthquake (Koseki et al., 2006a).

The north part of this toll road runs through a moun-
tainous area for a length of 27.0 km, which was opened
in 1978 to 1980.

The damage concentrated into this part, where
eleven embankments filling valleys were extensively
collapsed as typically shown in Figure. 10. In this
case, the fill material from the collapsed embank-
ment flowed down the valley for a distance exceeding
100 meters. The fill material was a weathered tuff.

After temporary rehabilitation work, the road could
be re-opened on April 27, 2007 in about a month, while
the full re-construction will be completed in about a
year (JGS 2007b). As shown in Figures 11 and 12,
the collapsed embankments were reconstructed using
GRS RW, ensuring the drainage of ground and sur-
face water. The waste soil that had originally been
a part of the collapsed embankment will be re-used
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Figure 6. Reconstruction of highway retaining wall at
Tenno (Koseki et al., 2006a).
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Figure 7. Reconstruction of railway embankment at Tenno
(Morishima et al., 2005).

Figure 8. Reconstruction of railway embankment at Tenno
tunnel using a combination of GRS RW and earth anchors.

after lime-treatment for the construction of the upper
fill (Ishikawa Pref. 2007).

2.4 2007 Niigataken-Chuetsu-Oki and 2008
Iwate-Miyagi-Nairiku earthquakes

The geotechnical damage caused by the July 16, 2007
Niigataken-chuetsu-oki earthquake and the June 14,
2008 Iwate-Miyagi-nairiku earthquake, has not been

Geogrid
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reinforcement)
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(t=500)

Crashed rock 
(t=300)

Cement-mixed fill 
(150 kg/m3)

Cement-mixed fill 
(105 kg/m3)

(Unit: mm)
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(t = 500)

Crashed rock 
(t = 300)

Cement-mixed fill 
(150 kg/m3)

Cement-mixed fill 
(105 kg/m3)

(Unit: mm)

Figure 9. Reconstruction of railway embankment at
Tsukanoyama (Morishima et al., 2005).

Figure 10. Failure of embankment at site No. 32 of Noto
toll road due to 2007 Noto-hanto earthquake.
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Figure 11. Schematic figure on reconstruction of embank-
ments for Noto toll road (Ishikawa Pref. 2007).

Figure 12. Reconstruction of collapsed embankment at site
No. 9 of Noto toll road.
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Figure 13. Failure of road retaining wall at Agewa due to
2007 Niigataken-chuetsu-oki earthquake.

a)

b) (by courtesy of 
Kashiwazaki City)

Unit in mm

Figure 14. Geosynthetic-reinforced soil retaining wall at
Agewa.

fully investigated. In this paper, based on the limited
information that the first author could gather, several
case histories are reported.

Figure 13 shows failure of a retaining wall dur-
ing the Niigataken-chuetsu-oki earthquake, which had
been constructed on a slope for a municipal road at
Agewa, Kashiwazaki city. In contrast, a GRS RW
with segmental facing panels made of metal mesh that
was located at the foot of the slope could survive the
earthquake as shown in Figure 14.

Figure 15 shows an anchored cut-slope at a con-
struction site of Isawa dam, Oshu city. The anchors

Figure 15. Failure of anchor tendons for cut-slope at con-
struction site of Isawa dam due to 2008 Iwate-Miyagi-nairiku
earthquake.
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b) (by courtesy of MLIT)

a)

(by courtesy of 
Mr. S. Hamaya)

Figure 16. Geosynthetic-reinforced soil retaining wall at
construction site of Isawa dam.

with a length of 20 to 40 meters had been installed
as a countermeasure against landslide movement. By
the Iwate-Miyagi-nairiku earthquake, most of the ten-
dons were broken at their free sections, and the upper
parts of the broken tendons were ejected. On the other
hand, a GRS RW with segmental facing panels made
of metal mesh that was located on the other side of the
slope survived the earthquake as shown in Figure 16.
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Figure 17. Retaining wall models on level ground (Watanabe et al., 2003).

3 MODEL TESTS

3.1 Test procedures

A series of relatively small-scale 1-g model shaking
tests was conducted on six different types of retaining
walls resting on level ground as shown in Fig. 17. The
wall models were about 50 cm high and the subsoil and
backfill were modeled by very dense dry sand layers.
They were subjected to several sequential horizontal
excitations as typically shown in Fig. 18 in 0.1 g incre-
ments. Refer to Watanabe et al. (2003) for the detailed
test conditions.

3.2 Test results

Figure 19 shows the cumulative horizontal displace-
ments near the top of each model wall. The seismic
coefficient plotted in the horizontal axis is defined as
the peak base acceleration during each shaking step
that is normalized with the gravity. Up to seismic coef-
ficient of about 0.4, no significant difference could be
observed. However, under higher seismic loads, the
residual wall displacements accumulated rapidly with
the conventional retaining walls, i.e., cantilever, grav-
ity and leaning-type ones. In contrast, the GRS RWs
with a full-height rigid facing exhibited more duc-
tile behavior, in particular with the one having partly
extended reinforcements (R2 or type 2, Fig. 17e).

The reason for the less ductile behavior of the
conventional retaining walls can be understood from
Fig. 20. The subgrade reaction at the toe of base foot-
ing of the gravity-type wall increased sharply with the
accumulation of wall top displacement. It suddenly
decreased, however, after showing a peak state, sug-
gesting a local failure due to loss of bearing capacity.
On the other hand, the subgrade reaction at the heel of
the base footing decreased in the beginning, followed
by a slight increase with the occurrence of the local
failure at the toe.
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Figure 18. Typical excitation time history (Watanabe
et al., 2003).
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Figure 19. Comparison of residual wall top displacements
(Watanabe et al., 2003).

In case of GRS RWs, as shown in Fig. 21, the tensile
forces in the reinforcements measured at three differ-
ent heights increased with the accumulation of the wall
top displacement. Such a response of GRS RWs is the
key feature for their good performance under high seis-
mic loads. It should be noted that the mobilization of
tensile force was concentrated to the uppermost long
reinforcement for the type 2 wall, which could effec-
tively resist against the overturning of the facing. Due
attentions should be paid on such stress concentration.
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3.3 Discussions on further improvements of seismic
performance of GRS RWs

As typically shown in Fig. 22, shear deformation of
reinforced backfill was observed in the model tests on
GRS RWs, which was associated with the overturning
displacement of the facing. In evaluating their resid-
ual displacements, such effects of shear deformation
of reinforced backfill should be considered properly.
On the other hand, the reinforced backfill has been
modeled as a rigid body in many of the relevant design
guidelines.

Note that, as shown in Fig. 23, the residual tilt-
ing angle of the facing of GRS RWs with full-height
rigid facing could be effectively reduced by installing
a sheet pile at the foot of the facing and connecting it
to the facing (Nakajima et al., 2006).
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Figure 22. Shear deformation of reinforced backfill of GRS
RW on level ground (Watanabe et al., 2003).
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Figure 23. Comparison of residual facing displacements of
GRS RWs with/without sheet pile (Nakajima et al., 2006).

Figure 24. Full failure plane in unreinforced backfill of
GRS RW constructed on slope (Kato et al., 2002).

It should be also noted that, as shown in Fig. 24, in
case of GRS RW constructed on slope, a full failure
plane in the unreinforced backfill and the sloped sub-
soil was formed rather easily (Kato et al., 2002). After
the formation of such full failure plane, as shown in
Fig. 25, the mobilization of the tensile forces in the
reinforcement of the GRS RW on slope was reduced.
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As shown in Fig. 26, it was followed by rapid accumu-
lation of the wall displacement, which was the case as
well with the conventional retaining wall models.

On the other hand, as also shown in Fig. 26, the GRS
RW constructed on slope and reinforced with large
diameter nails (Fig. 27) could exhibit substantially
higher seismic stability than those without nails (Kato
et al., 2002). It yielded very limited amount of residual
wall displacements even at seismic coefficients
exceeding 1.0. Refer to Nakajima et al. (2007) for
the detailed analysis of tensile loads induced in the
large diameter nail models.

4 PERFORMANCE-BASED DESIGN
STANDARD OF RAILWAY EARTH
STRUCTURES IN JAPAN

4.1 Composition of the standard

The table of contents of the newly revised design stan-
dard for railway earth structures in Japan and its com-
mentaries (RTRI 2007) is listed in Table 1.

As one of the standard construction methods, soil
reinforcing techniques including GRS are adopted in
chapters 7 through 10, covering a subtotal volume of
86 pages that is about a quarter of the total vol-
ume excluding the appendix. The reinforced soil wall
(chapter 8) and the reinforced soil abutment (chapter 9)
deal with GRS retaining walls with a full-height rigid
facing. The reinforced cut slope (chapter 10) deals
with retaining walls to support cut slopes that are
reinforced with nailing, micropiling or doweling.

In addition, in chapter 3 on embankment, use of sec-
ondary geosynthetic reinforcements is standardized.
In this report, therefore, design of embankments will
be also described in sections 4.2 and 4.4. More details
of the embankment design against not only the seismic
action but also the rain action are reported by Shinoda
et al. (2009).

4.2 Design flow of embankments

Figure 28 illustrates the flow chart of the performance-
based design of embankments that is specified in the
design standard (RTRI 2007). After setting up the
required performance in terms of safety, serviceability
and repairability, decision is made whether prescrip-
tive measures are adopted or not.

The prescriptive measures have three different
levels. Each of the prescriptive measures has been
verified in advance to fulfill the corresponding per-
formance rank, and thus no additional verification is
required at the design stage.

Table 1. Composition of the design
standard for railway earth structures and
its commentaries (RTRI 2007).

Chapters Pages

1. General 30
2. Design principles 32
3. Embankment 90
4. Cut and natural slopes 36
5. Base course 40
6. Subgrade 21
7. Reinforced soil (general) 28
8. Reinforced soil wall 17
9. Reinforced soil abutment 17
10. Reinforced cut slope 24
Appendix 365
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Figure 28. Flow of performance-based design of embank-
ments.

On the other hand, if the prescriptive measures are
not adopted, one needs to proceed to the verification
process, including assumption of the geometries and
structural details, performance evaluation based on
limit-state design and confirmation of the required
performance. In case the required performance is not
fulfilled through the verification, one should modify
the assumption and repeat the same procedures.

It should be noted that, in designing structures
other than embankments, prescriptive measures are
not available, and thus the verification process shall
be implemented.

4.3 Required seismic performance

Table 2 summarizes the required performances of rail-
way earth structures against two levels of design earth-
quake loads. In this table T des is the design life of the
structure. In general, the design life of a railway earth
structure is assumed as 100 years.

For a level 1 earthquake load that is highly expected
over the design life, it is required that all the earth
structures will maintain their design functions without
requiring repair work, i.e. will not exhibit excessive
displacements (Performance rank III).

Against a level 2 earthquake load, which is defined
previously in section 1.2, it is required that impor-
tant earth structures can be restored to design function
conditions with minimal repair (Performance rank II),
while the other earth structures will not undergo overall
instability (Performance rank I).

4.4 Prescriptive measures for embankments

When the prescriptive measures are adopted for
embankments, different configurations of reinforce-
ment arrangement as well as the slope geometry are
employed depending on the performance rank.

Table 2. Performance requirements for railway
earth structures in Japan (modified from Koseki
et al., 2006a).

Action
(design
earthquake
loads)

Level 1
(highly
expected
for Tdes)

Level 2
(maximum
possible
for Tdes)

Important
structures

Performance I :
Will maintain
their expected
functions with-
out repair works
(no excessive
displacements)

Performance II :
Can restore their
functions with
quick repair
works

Others Performance III :
Will not undergo
overall instability

0.
3 

m

Secondary
reinforcement

2.0 m 2.0 m

Primary 
reinforcment

1.5 m

Figure 29. Cross-section of 6 m-high embankment with
performance rank I specified as prescriptive measure.

For example, for a 6 m-high embankment, the pri-
mary reinforcements are used with rank I, as shown
in Fig. 29 and Table 3. They are placed for the full
width of the embankment at a vertical spacing of
1.5 m. With ranks II and III, on the other hand, only the
secondary reinforcements are used to protect the slope
for the width of 2.0 m and to enhance the specified
height (= 0.3 m) of fill lift during construction. The
design tensile strength of the primary and secondary
reinforcements shall be 30 and 2 kN/m, respectively.

For a 6 m-high embankment, the slope shall have no
berm, while its angle is varied depending on the per-
formance rank as listed in Table 3. It should be noted
that the type of the fill material and the required degree
of compaction to be secured during construction are
also varied depending on the performance rank.

4.5 Verification against level 1 earthquake load

As explained in section 4.2, if the prescriptive mea-
sures are not adopted, one needs to proceed to the
verification process. In case of GRS retaining walls,
the performance requirement for level 1 earthquake
load as explained in section 4.3 is verified through
stability analyses using load and resistance factors
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against internal instability (Fig. 30), external instability
(Fig. 31), and facing failure (Fig. 32).

Internal stability analysis is conducted with respect
to base sliding and overturning. For example, the sta-
bility against base sliding is verified using the follow-
ing equation:

γi × HRd

HLd
≤ 1.0 (1)

where γi is the structure factor (set equal to unity in
general); HRd is the response value of base sliding
force; HLd is the limiting value of base sliding force.

Table 3. Configurations of 6 m-high embankment
with different performance ranks specified as prescrip-
tive measures.

Rank I Rank II Rank III

Slope 1:1.8 1:1.5 (upper) 1:1.5
1:1.8 (lower)

Primary Yes Basically no No
reinforcement

Secondary Yes Yes Yes
reinforcement

Live load 

Dead load

Embankment 

H

P

RS Q

O

B Block 
F Block 

Pf

F

M

Pb

Pbv

Pfv
Pfh

Figure 30. Modeling of GRS retaining wall for internal
stability analysis.
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Figure 31. Modeling of GRS retaining wall for external
stability analysis.

Facing (modeled as elastic beam)

Earth pressure exerted from backfill soil 

Reinforcement (modeled as linear spring)

Fixed end (virtual) 

External loads  

Figure 32. Modeling of facing and reinforcements.

The response value of base sliding force is evalu-
ated as:

HRd = γH × (Pfh + WEQ + FH ) (2)

where γH is the load factor (set equal to unity in gen-
eral); Pfh is the horizontal component of the resultant
force of earth pressure exerted from the backfill; WEQ
is the horizontal inertia force of facing; FH is the exter-
nal load applied to the top of the facing (e.g., due to the
existence of noise barrier). As schematically shown
in Figure 4, the resultant force of earth pressure is
evaluated based on the two-wedge method.

The limiting value of base sliding force is evalu-
ated as:

HLd = fri × (�Ti + WBS + Whp) (3)

where fri is the resistance factor (set equal to 0.80
against level 1 earthquake load); Ti is the design ten-
sile resistance of reinforcement; WBS is the design
shear resistance mobilized at the bottom of facing;
Whp is the design horizontal resistance mobilized at
the embedded part of the facing. The design tensile
resistance of reinforcement is evaluated as the smaller
value between the design tensile strength of reinforce-
ment Td (refer to Koseki et al., 2007 for its detailed
derivation) and the pull-out resistance of the reinforce-
ment Tp that is evaluated as:

Tp = frg × (σvi × tan φ × 2li + c × 2li) (4)

where frg is the resistance factor (set equal to 0.80
against level 1 earthquake load); σvi is the effective ver-
tical stress acting on the ith reinforcement; li is the
effective length of the ith reinforcement; φ and c are
the internal friction angle and cohesion of the backfill
soil, respectively.

4.6 Verification against level 2 earthquake load

For structures with performance ranks II and III, per-
formance requirement for level 2 earthquake loads is
verified in terms of their residual deformations using
Newmark sliding block analyses and other numerical
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analyses. In case of GRS retaining walls, base sliding
displacement of the retaining wall (Fig. 33), overturn-
ing displacement (Fig. 34), and shear deformation of
the reinforced backfill (Fig. 35) are evaluated.

It should be noted that, the residual shear deforma-
tion of the reinforced backfill has not been considered
in many of the other existing design codes which adopt
the assumption that the reinforced backfill behaves as
a rigid body.

In conducting the Newmark sliding block analysis,
one needs to specify the design earthquake motions.
They are specified in the design standard as shown in
Fig. 36. They were obtained by applying a band-pass
filter (0.3–4.0 Hz) to the design motions specified at
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Figure 33. Modeling of GRS retaining wall for evaluation
of base sliding.
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Figure 34. Modeling of GRS retaining wall for evaluation
of overturning.
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Figure 35. Modeling of GRS retaining wall for evaluation
of shear deformation of reinforced backfill.
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Figure 36. Time history of level 2 design earthquake
motions (refer to Tables 5 and 6 for ground type classification
and amplitude of maximum acceleration).

Table 4. Ground type classification based on natural
period Tg (unit in seconds).

G0–G2 G3 G4 G5 G6 G7

Less
than
0.25

0.25–0.5 0.5–0.75 0.75–1.0 1.0–1.5 More
than
1.5

G0: Rock deposit; G1: firm base deposit; G2: Pleistocene
deposit; G3: moderate; G4: moderate to soft; G5 and
G6: soft; G7: very soft.

Table 5. Maximum acceleration of level 2 design earth-
quake motions (unit in gals).

G0 G1 G2 G3 G4 G5 G6 G7

578 732 924 779 −718 −741 −694 −501

the ground surface levels in the relevant design stan-
dard (RTRI, 1999). Depending on the natural period
Tg of the ground, which is evaluated using Eq. 5
based on the profile of shear wave velocities, different
wave forms and amplitudes are assigned as listed in
Tables 4 and 5. The peak accelerations amax are in
the range between 500 and 920 gals, and the largest
value of amax is assigned for the G2 ground consisting
mainly of Pleistocene deposits.
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Table 6. Results from Newmark sliding block analyses on
6 m-high embankments with different performance ranks.

Rank I Rank II Rank III

Slope 1:1.8 1:1.5 1:1.8 1:1.5
Primary

reinforcement Yes No No No
Secondary

reinforcement Yes Yes Yes Yes
Residual

displacement* 10.6 cm 36.0 cm 61.8 cm 96.5 cm

* Against level 2 design earthquake motion for G2 ground.

Cement-treated gravel

Girder
Backfill soil

Subsoil

Figure 37. GRS abutment having cement-treated gravel for
reinforced backfill (Aoki et al., 2005).

Tg = 4 ×
N∑

i=1

(
hi

Vsi

)
(5)

where N is the total number of soil layers; hi and VSi
are the thickness and the shear wave velocity of the ith
layer, respectively.

For example, results from the Newmark sliding
block analyses on the 6 m-high embankment with
different performance ranks specified as prescriptive
measures (see section 4.4) are shown in Table 6. In set-
ting the level 2 design earthquake motion, the severest
ground condition (i.e., the condition of G2 ground)
was assumed. It should be noted that the embankment
with performance rank II was simplified into two
kinds of configurations having a uniform slope angle.

As a result, the embankment with performance
rank I suffered from a residual displacement of about
10 cm, while those with performance rank II under-
went residual displacements in the range of 40 to
60 cm. Further, the embankment with performance
rank III suffered from a residual displacement of about
one meter. Such different performances are expected
when they are subjected to level 2 earthquake motion.

4.7 Seismic design of reinforced soil abutment

In chapter 9 of the design standard, design of GRS
abutments having cement-treated gravel for reinfor-
ced backfill, as developed by Aoki et al. (2005) and
schematically shown in Fig. 37, is described.

In their seismic design, the abutment body and
the reinforced backfill are verified with respect to
safety against level 1 earthquake load and repairability
against level 2 earthquake load.

For example, in verifying the repairability of the
abutment body, a pseudo-static non-linear push-over
analysis is conducted against the inertia force of the
girder, while considering the tensile reaction of the
reinforcements and assuming that the reinforced back-
fill does not exert any earth pressure to the body.

5 CONCLUSIONS

The contents of the present paper on seismic perfor-
mance of geosynthetic-reinforced soil retaining walls
in Japan and their performance-based design can be
summarized as follows.

1. Case histories during recent major earthquakes in
Japan have revealed good performances
geosynthe-tic-reinforced soil retaining walls.
Therefore, preferred use of this type of structure
has been implemented in damage rehabilitation
work as well as new construction of important
permanent structures.

2. Relevant model shaking tests have confirmed
a) mechanisms of seismic resistance mobilization
that are different depending on the structural types
and b) further improved performance of new type
structures using combined reinforcement systems.

3. Performance-based design procedures have been
developed for railway GRS structures in Japan.
They have the following features:

– Three ranks of required seismic performance
against level 1 & 2 earthquakes are assigned
considering the importance of the structure.
The level 2 design earthquake motions have
the max. accelerations in the range of 500 to
920 gals.

– Use of prescriptive measures is admitted for emb-
ankments. In setting the standard cross-section,
use of primary and/or secondary geosynthetic
reinforcements is mandated.

– Recommendation of verification procedures is
made. Against the level 2 earthquake, New-
mark sliding block analysis is adopted as well
as the evaluation of residual shear deformation
of reinforced backfill in case of GRS retaining
walls.
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Evaluation of spatial variations in soil stiffness using stress wave
propagations
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ABSTRACT: In the performance based design (PBD), the great emphasis is placed on the control of structural
deformation not a safety factor and the evaluation of soil stiffness, particularly spatial variation of shear wave
velocity, is crucial in the site investigation for reliable PBD. In this paper, the special features of both intrusive and
non-intrusive seismic methods frequently used in practice are briefly reviewed. Among those seismic methods,
SPT- uphole based tomography and 2 dimensional Harmonic Wavelet Analysis of Waves (HWAW) methods
for field investigations, and bender element tomography method in the centrifuge model are introduced as the
potential candidates for spatial evaluation of soil stiffness. The merits of the proposed methods in the spatial
evaluation of soil stiffness are discussed compared to other test results at the model sites of known dimensions
and properties.

1 INTRODUCTION

The design paradigm of civil engineering structures
currently moves toward the performance based design
(PBD) from the traditional safety factor based design.
In the PBD, the great emphasis is placed on the control
of structural deformation not a safety factor in order to
assure the serviceability and durability. Ground stiff-
ness, not a strength, controls the deformation not only
in the ground but in the adjacent structures. Therefore,
the evaluation of deformation characteristics of geo-
materials is very important in the site investigations
for PBD.

It has been well known that the soil behaves non-
linearly from the small strains (Burland 1989, Kim
1991). The maximum shear modulus (Gmax) below
the elastic threshold strain, γ e

t , which is a fundamen-
tal stiffness in design, is usually inferred from the
shear wave velocity obtained by seismic wave prop-
agation tests. The variation in shear modulus with
strain can be determined at small to intermediate
strains by resonant column, torsional shear and tri-
axial testing equipment and the normalized modulus
reduction curve (G/Gmaxvs. log γ ) can be found for
each layer (Tatsoka & Shibuya 1992, Kim & Stokoe
1994). Because the modulus value obtained by labo-
ratory test is affected by sampling disturbance and is
difficult to be representative of the site, the reliable
nonlinear stiffness variation is usually determined by
combining Gmax obtained by field seismic test and
G/Gmax curves from laboratory test, in which Gmax

converted from the shear wave velocity can be used
as key soil property for the deformation analysis of
soil-foundation systems.

Underground is not homogeneous and the spatial
variations in soil stiffness should be considered for
the reliable deformation assessment. When evaluating
earthquake ground motion, it is important to model
2D or 3D soil-rock boundary in order to consider
the trapped body waves (Graves 1993, Stewart et al.,
2002). In the seismic performance based design of
geotechnical structure, the acceptable level of dam-
age should be specified in terms of engineering terms
such as displacement and rotation (International Nav-
igation Association 2001, Iai et al., 2008), and it is
important to model the soil-structure system in 2D or
3D schemes considering spatial variations in soil stiff-
ness. In the past, one point information of subsurface
is generally obtained using boring and 1D borehole
seismic tests to evaluate the design parameters, but it
is not enough for the reliable estimation of deforma-
tion in the performance based design of geotechnical
structures.

In this paper, the seismic site investigation methods
used in practice for stiffness evaluation are reviewed.
Both intrusive and non-intrusive methods are dis-
cussed considering special features of each methods,
merits and demerits, applicability of spatial stiffness
evaluation, etc. Among those seismic methods, SPT-
based uphole method, Harmonic Wavelet Analysis
of Waves (HWAW) method, Bender Tomography
in centrifuge model, which are currently developed
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Table 1. Intrusive methods for seismic site investigation.

Key features

Intrusive Data Regions of
methods Borehole Source Receivers Waves reduction site sampled

Crosshole 2 or more Piezoelectric or 2 or 3 S and P waves Direct travel 1D or 2D
(Mok et al., mechanical component times tomography
1988) impact source geophones

in the borehole
Downhole 1 Hammer and 3 component S and P waves Direct method, 1D

(Mok et al., plate, on the geophones, Interval method,
1989, Kim et al., surface coupled Refracted ray
2004) with path method

borehole
SPT based uphole 1 SPT sampler 2 component S and P waves Refracted ray 1D or 2D

(Bang & impact geophones, path method tomography
Kim 2007) source on the

surface
Suspension 1, Fluid-filled Mechanical 2 geophones, Various Interval travel 1D

PS-logging borehole source or within the propagation time between 2
(Ohya et al., solenoid fluid-filled mode (S, P and receivers
1984) hammer, in borehole interface waves)

the borehole interface waves)

in KAIST are introduced in detail as the potential
candidates for spatial stiffness evaluation. The testing
setup, testing procedure, and data-reduction scheme
are discussed and the merits for spatial stiffness eval-
uation are assessed compared to other test results
at the in-situ and centrifuge model sites of known
dimensions and properties.

2 REVIEW OF SEISMIC METHODS
FOR STIFFNESS EVALUATION

An elastic half-space is appropriate as a model of the
earth as a first approximation. By hitting the ground,
the energy coupled into the ground is transmitted away
by a combination of P-, S-, and R- waves. Body
waves (P and S waves) propagate outward from the
source along the hemispherical wave front whereas
the surface (R) wave propagates along a cylindrical
wave front. S waves often divide into two types, as
SH and SV waves, depending on the plane of par-
ticle motion. Surface wave energy is existed mostly
within a depth of one wave length and the dispersive
characteristic in which waves of different wavelength
propagate at different velocity, is shown in layered
media. Wave propagation theory and observed phe-
nomena should be further refined by considering
a layered half-space model where the waves are
reflected and refracted at the layer boundary. In the site
investigation of soil layers, S and R waves are mostly
used because the stiffness of the soil structure cannot

B

C
D

A

Figure 1. The ranges of site sampled during each testing;
(A) Surface wave method, (B) Downhole and Uphole method,
(C) Crosshole method, and (D) Suspension PS-logging
methods.

be distinguished using P wave below the ground water
table and the shearing mechanism during earthquake is
similar to shear wave propagation. Compared to other
geophysical methods, seismic method has a certain
advantage of obtaining wave velocity profiles which
are engineering properties directly related with soil
stiffness (Richart et al., 1970, Kramer 1996).

The seismic site investigation methods can be
grouped as intrusive and non-intrusive methods. The
testing borehole is utilized in the intrusive method
whereas the source and receivers are on the ground
surface in the non-intrusive methods. Typical intru-
sive methods include crosshole, downhole, SPT based
uphole and suspension PS-logging methods as 1D
characterization and tomography methods for multi-D
characterization. The special features of each intrusive
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Table 2. Surface wave methods for seismic site investigation (modified from Stokoe et al., 2004).

Key features

Field testing Determination of Vs profile
Evaluation of
experimental Forward

Non-intrusive methods Source Receivers dispersion curve model Mode Inversion

Surface SASW (Stokoe Active impulsive 2 receivers Apparent phase Dynamic Superposed Inversion
wave et al., 1994) or random are generally velocity from stiffness mode analysis
methods vibration source used phase differences matrix

between 2 method
receivers

MASW (Park Active impulsive 12 or 24 Swept-frequency Transfer Fundamental Inversion
et al., 1999) source or channel is record or matrix and higher analysis

Passive ambient usually used frequency-wave method mode (mode
vibrations number separation)

spectrum
approach

F–k method Active impulsive Multiple Phase velocities Transfer Fundamental
(Gabriels et al., source or receivers from frequency- matrix and higher
1987) Passive ambient (128, 256 wave number method mode (mode

vibrations receivers) spectrum using separation)
2D FFT or slant
stacking, Freque-
ncy domain
beamforming

CSW Steady-state 4 to 6 Apparent phase Superposed
(Matthews harmonic source receivers velocity from mode
et al., 1996) average

phase-angle
slope over
receiver-spread
area

HWAW (Park & Active impulsive 2 receivers Based on the Dynamic Superposed Iterative
Kim 2004) source are generally harmonic stiffness mode forward

used wavelet matrix modeling
transform method
to evaluate
dispersive phase
and group
velocities.

ReMi (Louie Passive ambient 12 to 48 Two- Compound Fundamental Iterative
2001) vibrations receivers dimensional matrix mode forward

slowness- method modeling
frequency (p–f)
transform

method are summarized in Table 1 and the regions of
site sampled during each testing are schematically
shown in Figure 1.

For non-intrusive stiffness evaluation of the site,
the seismic refraction and reflection methods using
body waves and the spectral analysis of surface waves
(SASW), multichannel analysis of surface waves
(MASW), frequency-wave number (f–k) spectrum,
continuous surface wave (CSW), harmonic wavelet
analysis of waves (HWAW), and refraction microtremor
(ReMi) methods using surface waves are frequently

utilized. The special features of each method are sum-
marized in Table 2. Most of the methods use the active
ground sources, but some methods use the passive
ambient vibrations. The surface wave method which
uses the dispersion characteristics in the layered media
consists of three steps: field testing, evaluation of
dispersion curve, and determination of Vs profile
using inversion. The special features for surface wave
methods in each step are summarized in Table 2.

The evaluation of 2D or 3D stiffness images is
important for the assessment of deformation in the
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Table 3. Seismic methods for 2D subsurface stiffness imaging.

Classification 2D stiffness imaging methods Features

Intrusive methods Crosshole tomography (Menke 1989,
Santamarina & Fratta 2005)

Ray-tracing algorithms,
Various inversion techniques

SPT-uphole based tomography Travel-time tomography inversion with simultaneous
iterative reconstruction technique (SIRT)

Non-intrusive methods Seismic reflection survey (seismic interfer-
ometry) (Matsuoka et al., 2006)

Signal processing technique for generating Green’s
function by applying cross—correlation operations

Seismic refraction tomography (Hayashi
et al., 2001)

Non-linear travel-time tomography consisting of ray
tracing for forward modeling and simultaneous iter-
ative reconstruction technique (SIRT) for inversion

Surface wave
methods

CAP-SASW method (Joh
2005)

Evaluation of stiffness profile for a subgrade cross-
section by the common-array-profiling technique

High lateral resolution
MASW (Lin et al.,
2008)

A walk-away survey and a phase-seaming procedure for
allowing wide wavelength dispersion analysis within
a small spatial range

HWAW method (Park &
Kim 2001, 2004).

Based on the harmonic wavelet transform to evalu-
ate dispersive phase and group velocities, using
maximum energy point in time-frequency map

performance based design of geotechnical structures.
The features of each method are summarized in Table 3.
In the borehole methods, tomography techniques are
frequently utilized in practice, and among those, the
SPT based uphole tomography in the field and bender
tomography in the centrifuge model are discussed in
this paper. In the surface wave methods, the receiver
spacing becomes longer to explore the deeper soil
layers and the 1D average Vs profile is usually deter-
mined with the difficulties obtaining the detailed
spatial stiffness variations. To assess the 2D stiffness
images, CAP-SASW method, high lateral resolution
MASW method, and HWAW method are introduced
by improving conventional surface wave techniques.
Among those, HWAW method, recently proposed to
overcome some weaknesses of existing surface wave
methods, will be discussed in this paper.

3 SPT-UPHOLE BASED TOMOGRAPHY

3.1 Introduction of SPT-uphole method

The downhole method is an attractive borehole seismic
method for several reasons. This method requires just
one borehole and uses a simple surface source, thus
it is easy to operate and relatively economical. How-
ever, in the layers of sedimentary gravels, weathered
and fractured rocks frequently encountered in Korea,
it is difficult to construct a test hole and to get a good
coupling between the surrounding soils and the cas-
ing. In addition, the wave propagation is hindered
by these layers and the substantial amount of source
energy is required to acquire a discernible signal in the
deep downhole test (Kim et al., 2004). Alternatively,
the uphole method uses receivers on the ground surface
and an underground source such as a small explosive
or a mechanical source. Test result can be interpreted

similarly to the downhole seismic method. However, in
practice the application of this original uphole method
is somewhat uncommon, as it is difficult to generate
the shear wave component underground and for this
reason it is not cost effective.

A modified form of the uphole method called
SPT-uphole method was introduced to obtain the Vs
profile of a site cost-effectively and a schematic dia-
gram of the method is shown in Figure 2 (Bang and
Kim 2007). The standard penetration test (SPT) is
the most frequently used method in a geotechnical site
investigation. The impact energy generated by the SPT
can be used as a source for the uphole method. The
significant amount of compression and shear waves
will be generated at the tip and side when the split
spoon sampler is penetrated into the soil by ham-
mering on the ground surface. The SPT is usually
performed at every 1 or 1.5 meter intervals. If a series
of receivers are placed on the ground surface, it would
be feasible to perform the uphole test during SPT. The
boring and SPT is performed in tandem; therefore,
the SPT-uphole method can be performed simultane-
ously while boring without additional cost such as the
preparation of the testing hole, casing, grouting, and
sourcing work compared to other borehole seismic
methods. For this reason, it is usually very simple,
economical and not labor intensive.

3.2 Understanding of particle motions
due to SPT source

As the sampler moves downward during the impact, it
can be postulated that the shear (S) wave of the par-
ticle motion in a vertical direction (SV type) as well as
compression (P) wave near the source are generated as
shown in Figure 3. The P-wave component is detected
mainly in a radial direction on the ground surface when
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Boring Machine

Surface Geophones

SPT Sampler Impact Source

DAQ System

Trigger

s s

t

Figure 2. Schematic diagram of the SPT-uphole test.

Figure 3. Prediction of particle motion at the surface
generated by the SPT impact source.

the SPT source is located at a shallow depth while it is
detected mainly in a vertical direction at deeper depths.
In contrast, as the vertical motion of an SV-type wave
changes to a horizontal motion as propagating to the
ground surface due to Snell’s law, the S-wave com-
ponent is detected mainly in the vertical direction on
the ground surface when SPT source is located at shal-
low depth and mainly detected in the radial direction
when located at deeper depths. Specifically, the major
direction of each wave motion will vary depending on
the locations of the source and receiver and both ver-
tical and radial horizontal motions are simultaneously
governing the surface motion when the elastic wave is
generated by the SPT sampler in the ground.

This can be well understood from the characteris-
tics of particle motion at the ground surface obtained
from numerical simulation. Figure 4 shows the particle
motions in both vertical and radial horizontal direc-
tions at every case of this numerical study. The vertical
distances are the testing depth and the horizontal dis-
tances are the distances from the borehole (offsets).
The motion of the P-wave component is identical to
the direction of the ray path and the motion of the
S-wave component is perpendicular to the direction of
the ray path. On the left side of Figure 4, the represen-
tative particle motions at source depths of 6 m, 15 m,

Testing Depth

Offset

P

S

P

S

S

P

Major direction
of S-wave

θ Incident angle
of ray path

θ

Figure 4. Characteristics of the particle motion on the
ground surface in the space domain of a vertical and radial
horizontal direction.

24 m and the receiver location of 8 m are enlarged. It
is shown that the direction of particle motions of the
P and S-waves changes according to the location of
the source and receiver as discussed in Figure 3.

3.3 Tomography: testing procedure and data
reduction

The SPT-uphole tomography method is a kind of bore-
hole to surface travel time tomography and it uses
impact energy during SPT as a source. The proposed
method is composed of three steps. The first step is
data acquisition (to obtain signals from field test), the
second step is signal processing (to determine arrival
travel time of shear wave), and the last step is inversion
analysis (to construct subsurface imaging).

The surface geophones are placed on the ground
at the selected intervals from the boring point. As
more receivers are used, it will provide better results.
Additionally, using two-component (radial horizontal
and vertical) geophones is recommended to obtain
better travel time information for a deep testing depth.

The typical signal traces of the vertical and hori-
zontal components at each distance when the depth of
source is 3 m, 18 m and 39 m are shown in Figure 5.
On the right side of figure, the root mean square signals
of the vertical and horizontal components in the time
domain (two-component signals) are plotted. The first
peak points of the shear wave in root mean square sig-
nals coincide with the first peak points of the shear
wave in the particle motion space in Figure 4. From
these root mean square signals, the first peak travel
times can be determined in the entire depths with-
out the need for a subjective judgment.

In order to correct the first peak travel time infor-
mation to the first arrival time, the dominant frequency
around first peak point of S wave is determined, then
initial arrival is determined at a quarter of period ahead
of peak point. As the travel times are calculated from
signals with different trigger locations, a correction
for the inconsistent trigger should be considered. It is
highly impractical to install a trigger system at a sourc-
ing point of the SPT; accordingly, the trigger system is
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Figure 5. Signal traces at each receiver generated by a
numerical simulation of the SPT-uphole method with source
depth of (a) 3 m, (b) 18 m, (c) and 39 m. The dot is first peak
of the shear wave component.

normally installed below the anvil. The length of the
rod will change with a different testing depth and the
travel time through the rod should be subtracted from
the measured travel time.

The distribution of shear wave velocity is deter-
mined by travel-time tomography inversion. Many
travel-time tomography programs were introduced and
commercialized by geophysicists and among those
GeoTomCG was used for this study (Tweeton et al.,
1992). This involves modification of an arbitrary
initial velocity model by repeated cycles of three
steps: forward computation of model using first arrival
travel times, calculation of travel time residuals, and
application of velocity corrections. Inversion of travel
time data was made with a variation of the SIRT
algorithm (Lytle et al., 1978).

3.4 Field application

Field tests were performed to verify the applicability
of SPT-uphole tomography method. Figure 6 shows
the schematic diagram of SPT-uphole testing site at
Kimje in Korea. All six borings were drilled to the
depth of 13.5 m for the evaluation of the horizontal
non-homogeneity characteristics and SPT-N values as
shown in Figure 7. The measured N-value was adjusted
to the value with reference energy ratio as N60. To
illustrate the horizontal variation of the layers, Vs dis-
tribution map was constructed by using the empiri-
cal relationship between SPT-N value and shear wave

velocity suggested by Imai et al., (1982). Figure 8
shows that the shape of layers at the site is upward
inclined.

Signal traces obtained from each receiver are shown
in Figure 9 with the source depth. Four vertical compo-
nent geophones were used at this site. The location of
each receiver was 6 m, 9 m, 12 m, 15 m from the bor-
ing point (BH-2) and the boring was performed to the
depth of about 20 m especially for tomography. The
travel time information of shear wave was obtained by
using the peak point of the vertical component only and
the first arrival times for tomography inversion were
determined by the proposed scheme in section 3.3.
Because only vertical component geophones were
used, the signals recorded can be easily interfered with
P wave component, especially at the near receivers as
shown in Figure 9a. Therefore, it is recommended
to use two component receivers in the field for com-
pensating this problem by horizontal component. In
this case, testing depth was not deep and only lim-
ited travel time data on receivers have interfered with
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Figure 6. Schematic diagram of SPT-Uphole testing site.
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250

Figure 8. Vs distribution map determined by SPT-N vs. Vs
empirical relationship.

a) Receiver1 (6m) b) Receiver2 (9m)

c) Receiver3 (12m) d) Receiver4 (15m)

Figure 9. Signal trace at each receiver in this field applica-
tion.

P-wave component and those data were excluded from
tomography analysis.

The triangular shape of shear wave velocity dis-
tribution map determined by SPT-uphole tomography
is shown in Figure 10. The shape of the distribution
map determined by proposed method is similar to that
obtained by SPT-N values. From the depth of 14 m,
it is difficult to guess the horizontal variation because
of the limited traces. Therefore, it is recommended to
perform deeper than the depth interested to evaluate.

?

250

Figure 10. Vs distribution map determined by SPT-Uphole
tomography method.

It can be noted that the horizontal variation of Vs
in the distribution map is characterized economically
using SPT-uphole tomography when comparing to the
result in Figure 8. SPT-uphole tomography method
shows good potential for characterization of deforma-
tion properties spatially in geotechnical engineering.

4 2D STIFFNESS IMAGING USING HWAW
METHOD

4.1 HWAW method

HWAW method is based on the harmonic wavelet
transform to evaluate dispersive phase and group
velocities of surface wave. To apply the harmonic
wavelet transform, the meaning of harmonic wavelet
coefficient is interpreted from a different point of view.

The step by step procedure to evaluate the disper-
sive phase and group velocities was proposed (Park &
Kim 2001, 2004). First, harmonic wavelet trans-
form decompose signals obtained at receiver 1 and 2
into frequency components in time domain. And this
transform determine energy and phase timefrequency
maps which describe instantaneous energy and phase
of frequency components with time (Fig. 11). Then,
the group and phase delays of each frequency com-
ponent are determined from instantaneous energy and
phase information. The group delay means time cor-
responding to maximum energy and the phase delay is
time corresponding to certain fixed phase around max-
imum energy time. If the distance between receiver 1
and receiver 2 is D, then the group velocity Vgr and
the phase velocity Vph at each frequency are obtained
(Fig. 12). The HWAW method mainly uses the signal
portion of the maximum local signal/noise ratio to
evaluate the phase velocity and it can minimize the
effects of noise (Park & Kim 2001).
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4.2 Site characterization using HWAW method

For the site characterization, HWAW method can use
two test setups; short receiver spacing setup and con-
ventional test setup. In the short receiver spacing setup
(Fig. 13), source-receiver spacing (D) is 6∼12 m and
receiver spacing (R) is 1∼3 m.

In contrast, at the conventional test setup, source-
receiver spacing is over 10 m and receiver spacing is
same as the source-receiver spacing. For more accurate
and detailed result, the short receiver spacing setup is
preferable because of the lateral non-homogeneity of
soil layer.

The proposed method uses the whole wave field
information to determine dispersion curve represent-
ing whole depth from one test setup. The dispersion
curve determined by HWAW method and the theo-
retical dispersion curve used in the inversion process
consider whole wave field information in the same
way. Therefore, the whole wave field dispersion curve
can be used to evaluate deep soil profile (Park & Kim
2001, 2004).

Because the phase velocities vary with receiver
location due to different velocities of various modes
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Figure 11. Decomposition of time record by harmonic
wavelet transformation.
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Figure 12. Determination of group and phase velocities of
each frequency component.
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Figure 13. Test setup for HWAW method (short receiver
spacing setup).

of which surface wave consists, the field testing set
up should be considered in the inversion process. The
array inversion in which the theoretical dispersion
curve is generated at receiver locations same as field
test setup was developed to consider testing setup in the
inversion process (Joh 1996). Array inversion shows
good performance but cause increasing calculation
time and complexity in the inversion process. In the
HWAW method, the single array inversion process can
be possible without increasing calculation time and
any complexity because the HWAW method uses just
one test setup in the field. Because the HWAW method
uses short receiver spacing setup, it can minimize the
possibility of error due to lateral non-homogeneity
and can determine detailed local soil profile (Park &
Kim 2001, 2004).

By performing series of tests along testing direc-
tion, 2D subsurface stiffness imaging can be obtained
by interpolating all local Vs profiles of interested
region. Even though this is not a tomography but
a simple interpolation job, this method can provide
detailed 2D stiffness contour because receiver is close
enough. So, to evaluate detailed local properties of
ground and 2D stiffness image, it is recommended to
use short receiver spacing setup.

4.3 Field applications

In order to compare HWAW results with various
seismic test results widely used in geotechnical site
investigation, various seismic tests including SASW,
MASW, HWAW and downhole tests were performed
and test results wave compared in this study.

4.3.1 Site 1
Three surface wave tests including SASW, MASW,
and HWAW tests were performed with three borings
(BH-1, BH-2 and BH-3) to evaluate the applicabil-
ity of HWAW method at the beach site. As shown in
Figure 14, the soil layers are horizontally uniform.

HWAW method was performed using short receiver
spacing setup in which source to receiver spacing was
6 m and receiver to receiver spacing was 2 m. SASW
and MASW tests were performed using conventional
test setup. The testing setups for each surface wave
tests are summarized in Table 4.

The dispersion curve by HWAW method was
compared with those by SASW and MASW tests in
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Figure 14. The profile of the site 1.

Table 4. The testing setups at site 1.

Tests Survey line Source offset Receivers

SASW 64 m 2, 4, 8, 16, 32 m 2 geophones
MASW 43 m 20 m 24 geophones
HWAW 8 m 6 m 2 geophones

Figure 15. With respect to the dispersion curves, it can
be noted that three test results are similar over whole
frequency ranges.

Compare to other surface wave methods, HWAW
method provide the equivalent or better dispersion
curve up to the long wave length even though the
receiver spacing and survey line is short. Among
surface wave methods, HWAW method shows a cer-
tain advantage and the potential to obtain detailed 2D
stiffness imaging.

4.3.2 Site 2
Down-hole, SASW and HWAW were performed to
evaluate applicability of 2D imaging by HWAW
method and three borings (BH-1, BH-2, BH-3) were
performed at site 2 (Park et al., 2007). Figure 16
shows the boring results. It is noted that soil layers are
not horizontally uniform. HWAW method was per-
formed using short receiver spacing setup in which
source to receiver spacing was 6 m and receiver to
receiver spacing was 2 m. SASW test was performed
using conventional test setup. Down-hole test was
performed to about 30 m depth at three bore-holes.

Figure 17 shows comparison of Vs profiles deter-
mined by HWAW, SASW, and down-hole test at BH-2.
Although there are some differences between three
results, it can be said that three Vs profiles are simi-
lar over whole depth range. The differences between
HWAW and SASW method can be explained by the
lateral stiffness variation of the site and differences
in sampled region. Vs profiles determined by down-
hole method are similar to results by surface wave
method. Through these comparisons, can be verified
that HWAW can give a reliable Vs profile to the deep
depth properties with short receiver spacing setup.

HWAW test was also repeated shifting source and
receiver setup, and total 14 dispersion curves were
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Figure 15. The dispersion curves by 3 surface wave tests.
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Figure 16. The geology profile of the site 2.

evaluated. Figure 18 shows the 2D Vs image which
shows the horizontal irregularity, and the boundaries
of weathered soil and weathered rock were assumed by
the shear wave velocity contours of around 250 m/s and
600 m/s, respectively. Boring logs are also shown in
the figure, and it is possible to distinguish boundaries
of layers by wave velocities. It can be noted that the
assumed weathered soil and weathered rock lines in
the 2D Vs image accord well with 2D boring geology.
The good applicability to develop 2D Vs profile using
HWAW method was also verified.

4.3.3 Site 3
Site 3 is a model site which composed of four
sublayers with size about 16 m × 26 m × 8.5 m
(W × L × H) as shown in Figure 19 (Kim et al., 2006).
Total of 140 vertical and horizontal geophones were
embedded at the boundary of each layer to evaluate
the dynamic material properties of each layer. Using
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Figure 17. Comparison of Vs profiles obtained by HWAW,
SASW and Down-hole tests at BH-2 in site 2.

Figure 18. 2D Vs image of site 2 obtained by HWAW
method.

the interval travel time between embedded geophones,
Vs and Vp of each layers were obtained as reference
data for evaluation of various seismic tests (Fig. 20).
As the surface wave methods, HWAW, SASW, and
MASW methods were performed along the embedded
geophone line. All test sets were fitted to find Vs pro-
file up to 8.5 m depth which is the depth of model site.
HWAW method was performed using 6 m of source to
receiver spacing (S-R1) and 2 m of receiver to receiver
spacing (R1–R2), and was repeated by shifting source
and receiver setup parallel from 0 m to 15 m at 7
locations where embedded geophones were located.
SASW method was performed with receiver spac-
ing 3, 5, 10 m and the central location between two
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Figure 19. The geology profile of the model testing site.

Figure 20. 2D Vs image of model testing site obtained by
reference value.

receivers was at horizontal coordinate of 10 m. MASW
method was performed using 24 channel geophones
with 0.5 m receiver spacing and 4 m offset, and then
also repeated along the line of embedded geophone
from coordinates of 0.6 m to 12.1 m with 0.5 m inter-
val to obtain the local Vs profiles of interested region.
Down-hole test was performed at 3 boreholes with
0.5 m vertical interval and data reduction was per-
formed using refracted ray path method (Kim et al.,
2004).

Figure 21 shows comparison of representative results
of four seismic tests and reference data which were
determined by embedded geophones. Results of
HWAW method match well with reference values. Vs
profile of SASW method at 10 m location represents
the average Vs profile of model site using combination
of several receiver spacing, so it does not match well
with reference value and can’t show horizontal vari-
ations of site. In case of MASW method, Vs profiles
of upper layer match well with reference values, but
Vs of lower layer cannot present detailed properties
and horizontal variation. Since MASW method using
multi-channels evaluates Vs profile averaged over total
length of the array, lateral resolution decreases. Also,
in small surface of model test site, due to short sur-
vey line, low frequency components of waves were
not fully generated. In case of downhole test, although
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(a) 2D Vs image obtained by HWAW 

(b) 2D Vs image obtained by MASW 

Figure 22. 2D Vs images of model testing site.

Vs profile is very similar to reference value and locally
detailed, it give a point values not enough to show
entire shape of 2D Vs profiles of model site.

Figure 22 shows 2D Vs images obtained by HWAW
and MASW methods. 2D Vs profiles by HWAW
method match well with detailed geometry and ref-
erence value of model site shown in Figure 20. As
shown in Figure 22b, MASW method also provide
2D Vs profiles but the 2D image is a little different
from reference value. MASW method use 24 receivers
(receiver spacing: 0.5 m) and determine average Vs
profile covering horizontal length of 11.5 m. On the

contrary, HWAW method uses short receiver spacing
(2 m) contrary to long multi-channel receiver array of
MASW, so it is possible to get locally detailed Vs pro-
file of the entire model site. By comparing 2D image
determined by reference data, the good applicability
to develop 2D Vs profile using HWAW method was
verified.

5 IN-FLIGHT MEASUREMENT OF VS
DISTRIBUTION IN CENTRIFUGE MODELS

There have been several methods suggested for evalu-
ating the performance of geotechnical structures. In
geotechnical engineering, model tests can play key
roles because they can reflect the nature of soil char-
acteristics by constructing the model with the same
material, soil, with the prototype structures. Physi-
cal modeling using geotechnical centrifuge can offer
unique capabilities in wide range of performance eval-
uation from small-strain soil behavior to structural
failure condition.

For performance based design, the deformation
behavior of geotechnical structures governs the design
while current design methods usually rely on the
strength of geomaterial and factor of safety. In this
context, it is important to characterize the soil con-
ditions of geotechnical systems accurately to predict
deformation behavior. Shear wave velocity (Vs) can
be used as a key parameter for evaluating deformation
of geotechnical structures because it is highly related
with deformational characteristics of soil, maximum
shear modulus, Gmax. Measuring Vs before an earth-
quake event or construction process provides a basic
information for evaluating structural performance, and
measuring Vs after events gives general information
on the change of soil condition caused by earthquake
or service conditions.

There have been a series of methods for measuring
Vs in centrifuge models. Installation of piezoelectric
oscillator (Shibata et al., 1991), a vertical array of ben-
der elements (Gohal & Finn 1991), and a mini-air ham-
mer (Arulnathan et al., 2000) were utilized for direct
measurement of shear wave velocities. More recently,
Vs measurement using a series of bender element
couples at various depths was adopted for centrifuge
tests before earthquake simulation to obtain Vs profile
(Fu 2004), and the tomography measurement system
using bender elements have been reported (Rammah
et al., 2006). Vs measurement using these methods
can offer important information for the deformation
analysis.

In this study, an experimental setup to evaluate
shear wave velocity distribution in model soil has
been developed for centrifuge model tests. Piezoelec-
tric bender elements are used for both generating and
receiving shear wave signals and Vs distribution can
be visualized by tomography inversion. The change
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in Vs distribution before and after applying surface
load is monitored during in-flight condition and it has
been found that the developed system is useful for
characterizing soil condition and monitoring the soil
behavior.

5.1 Experimental setup

Piezoelectric bender elements are widely used for mea-
suring Vs in soil specimen. It is easy to setup and
the testing mechanism is straightforward. Vs tomogra-
phy measurement system using bender element arrays
has been recently developed at KAIST for centrifuge
testing. The purpose of this system is measuring spa-
tial variation of Vs and Gmax in the centrifuge test-
ing model which is basic information in evaluating
deformation behavior of soil mass.

A state-of-the-art geotechnical centrifuge facility
has been developed at KAIST in 2008 under Korea
Construction Engineering Development Collabora-
tory Program (KOCED Program). The centrifuge with
5.0 m platform radius has the maximum capacity of
240 g-tons. The maximum usable payload for test-
ing model is 2,400 kg up to 100 g acceleration and the
maximum acceleration is 130 g up to 1,300 kg payload.
This machine will be equipped with 4-degree-of-
freedom in-flight robot and biaxial shaking table in
early 2009. The main purpose of developing this
facility under KOCED program is to activate physical
model test activities for research and development in
Korean geotechnical society and practitioners, so it
will be share based operated to whoever wants to use
this facility.

Figure 23 shows the physical configuration of the
bender element tomography system in centrifuge mod-
els. Two arrays with 16 bender elements on each side
are installed in a rectangular soil container, and each
bender element is installed every 20 mm depth cover-
ing 300 mm × 300 mm cross-sectional area. Parallel
connection type was used for transmitter array and
series connection type was used for receiver array.
Parallel type is useful for generator because the ampli-
tude is twice compared to series type and when the
same voltage level is applied, series type is better as a
receiver by similar reason.

The natural frequency of bender element cantilever
beam affects the efficiency to detect shear wave signal.
Lee & Santamarina (2005) showed that the amplitude
of output signal increases when the major frequency
of shear wave approaches to the natural frequency of
bender element cantilever. In this study, the natural
frequency of installed bender elements is selected con-
sidering the shear wave characteristics and soil con-
ditions. Assuming that the Vs range in tomography
area is from 100 m/s to 300 m/s at 50 g acceleration,
the frequency range of shear wave is around 5 kHz to
15 kHz within 20 mm wavelength which is the reso-
lution of tomography system. The cantilever length of

30 cm tip-to-tip distance

95 mm from bottom anchor
Rubber
sheet

16-BE-array

20 mm spacing

(a) Schematic diagram 

(b) Installation 

Figure 23. Bender element arrays for VS tomography in
centrifuge testing.
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Figure 24. BE driving and measurement system in KAIST
centrifuge.

bender elements is determined as 6 mm considering
the frequency characteristics.

Figure 24 shows the configuration of bender ele-
ment driving and measurement system installed in
the centrifuge. This system is developed by modify-
ing the data acquisition system of KAIST centrifuge.
Once an analog voltage signal for driving bender ele-
ment is generated from an analog-output channel, it
goes to the transmitter bender element after ampli-
fied up to the maximum voltage level for the bender

174

©2009 Taylor & Francis Group, London, UK

  

http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch10&iName=master.img-062.jpg&w=116&h=100


element. The system starts recording the output data
from 16 receiver bender elements simultaneously
at 500 kS/s sampling rate when the driving signal
triggers the transmitter. 16 tests at each depth are con-
ducted by switching the driving channel connection
by controlling the switch module and total 256 travel
time data are obtained as a result. This travel time
data is gathered from the output signal and it is used
as input information for the tomography inversion
process.

5.2 Testing procedure and results

Model tests are conducted to check the applicability of
the tomography system in centrifuge. Homogeneous
silica sand sample with uniform density is prepared
using automatic sand-rainer in a rectangular container
which is equipped with the bender element arrays. The
sand-rainer installed at KAIST, originally developed
by LCPC, France, is known that the model constructed
by the equipment shows uniform and homogeneous
relative density in sand layer (Garnier 2002). Relative
density (Dr) in the model is 44% and travel time for
tomography is measured at 40 g and 80 g accelera-
tion levels to confirm the consistency of tomography
results. Commercial software, GeoTomCG (Tronicke
et al., 2001), based on SIRT algorithm was used for
the tomography inversion process.

Figure 26 shows the Vs tomography image obtained
at 40 g. Even if there are some errors at the edges due
to the lack of ray-path information, this result shows
the increase of Vs with depth or effective stress level.
The tomography inversion result at 80 g shows sim-
ilar trends to that of 40 g. To verify the accuracy of
Vs distribution with depth, middle vertical array of
tomography inversion data was collected and plot-
ted with mean effective stress in Figure 27. Mean
effective stress, σ ′

m, is simply calculated from the den-
sity of sand and depth from the surface assuming the
coefficient of earth pressure at rest, K0, is 0.5. The
maximum shear modulus shows linear relationship
with mean effective stress in log-log domain, which
can be expected from Hardin’s equation (1978), and
the result from experiments at 40 g and 80 g shows
consistency. These results could be compared with
resonant column (RC) test result for the same soil
sample with 40% relative density and it shows a good
agreement.

Tomography inversion considering curved ray path
must be considered in this case. While most of tests
using bender elements are conducted at a short dis-
tance and element level with a uniform effective stress
for entire soil mass, the effective stress in centrifuge
model increases continuously with depth and it results
in the variation of shear wave velocity in soil sys-
tem. Therefore, the ray path for shortest travel time
is not straight for relatively long travel distance. It
is the same phenomenon as in the seismic refraction
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Blocks

DAQ (PXI)

Figure 25. Geotechnical centrifuge testing setup.

Figure 26. Vs tomography image at 40 g.
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Figure 27. Maximum shear modulus with mean effective
stress from tomography inversion.

method in the field. The curved ray path information
of the tomography inversion for test results at 40 g
acceleration is shown at Figure 28. In this result, the
refracting trends are significant especially at shallow
depth where wave velocity increases quickly with
depth.
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To verify this effect on tomography image, the
result from tomography inversion data is compared
with shear wave velocity calculated assuming straight
ray path in Figure 29. This result shows that Gmax
considering straight ray path is bigger than Gmax from
curved ray path as expected because the straight travel
distance is shorter than the curved one for the same
travel time. This trend is significant at shallow depth
with low effective stress level because the impedance
ratio for the same vertical distance is bigger at shal-
low depth. The results from curved ray path inversion
shows better agreement compared with RC test data,
showing that the power, n, of mean effective stress in
Gmax relationship, from curved ray path inversion is
closer to RC test result than straight path calculation.
Therefore, it is important to use appropriate testing and
data reduction method considering curved ray path for
tomography analysis in centrifuge model tests.

5.3 Application case: Tomography imaging under
surface footing load

The purpose of Vs tomography measurement in
centrifuge model is to monitor the change of soil

Figure 28. Tomography ray path information (40 g testing
result).
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Figure 29. Comparison of results from curved ray path
inversion and straight path calculation.

condition in each performance stage of geotechnical
structures. This program could be used for monitor-
ing soil condition under foundation load in order to
assess its applicability for measuring Vs increase in
soil mass due to additional stress development by foot-
ing. At the first trial, 100 mm diameter aluminum plate
is prepared to simulate footing load at the central part
of the surface and it is attached to the vertical loading
equipment to measure load-settlement behavior of the
foundation.

The same soil model described previously is pre-
pared and the centrifugal acceleration is applied to
50 g. To compare the effect of footing load in the
Vs distribution of soil layer, shear wave travel time is
first measured without any surface load to obtain orig-
inal tomography image. While controlling the vertical
loading amplitude, load and settlement of the founda-
tion was recorded and the cross sectional area was also
monitored by tomography method using the bender
element arrays.

Figure 30a shows the Vs tomography images for
homogeneous soil sample before loaded with foot-
ing. This is the reference information for assessing the
changes of Vs in soil mass due to loading condition.
As the footing load increases, Vs increases at the mid-
dle part beneath the footing as shown in Figure 30b.
These phenomena can be clearly displayed by com-
paring the tomography image before and after loading
stage. Subtracting Vs values of original condition from
the Vs when the load is applied, pure increment of Vs
can be obtained as shown in Figure 30c. This increase
in Vs beneath footing is localized within 1.5 times of
diameter of loading plate in depth, and 2 times of that
in horizontal direction. This Vs increase can be inter-
preted as additional effective stress by footing load.
Even if the distribution shape of increasing Vs is a
little different from analytical solution suggested by
Boussinesq (1885), it is still useful for understanding
how the footing load affects the soil behavior beneath
footing.

Figure 30d shows the tomography image of Vs
increment obtained when 254 kPa load is removed. It
shows that Vs increment remains permanently in the
region that it increased by surface loading. This can
be understood that void ratio decreased due to surface
load and permanent settlement occured in previous
testing stage. Shear wave velocity is highly related
to mean effective stress in soil, void ratio, over con-
solidation ratio, etc. Using this Vs increase in sandy
soil due to foundation loading, vertical effective stress
distribution and void ratio changes can be evaluated
by adopting empirical relationship of Vs, σ ′

m, and void
ratio suggested by Hardin. Therefore, the soil proper-
ties such as effective stress level and void ratio changes
can be evaluated by geophysical tomography method
in model test and appropriate method for evaluating
those properties is under developing stage.
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(a) original condition 

(b) VS distribution under 254 kPa footing load 

(c) VS

VS

 increment (in percent) 

(d)  increment after removing footing load (in percent) 

Figure 30. Vs increment due to footing load.

6 CONCLUSIONS

For the performance based design, the evaluation of
spatial variation of soil stiffness, particularly the shear
wave velocity which is a key parameter in deforma-
tion analysis, is very important in the site investiga-
tion. Both intrusive and non-intrusive seismic methods
based on stress wave propagations are frequently used
in practice and those methods are reviewed consid-
ering special features, merits and demerits of each
method. Among those, SPT-uphole based tomography
and 2D HWAW methods in the field and the bender-
tomography method in the centrifuge model, currently
developed in KAIST, are discussed in detail. The basic
principle, testing set-up, and data reduction scheme are
introduced and the advantages and applicability of the
proposed methods are assessed by comparing the test
results obtained by other tests at the sites of known
geometry and material properties.
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Determining the undrained residual strength of soils from field
penetration tests with some case history studies

Y. Tsukamoto
Department of Civil Engineering, Tokyo University of Science, Japan

ABSTRACT: In shifting from conventional regulation-based design to performance-based design principles
in earthquake geotechnics, the role of soil investigation technologies is expected to become more important
than ever before. To satisfy the practical needs in determining design soil parameters accurately enough to
employ performance-based design, purpose-specific approaches might be preferred, where the choice of field
and laboratory testing is given in advance in determining particular soil parameters. In the present study, the
evaluation of undrained residual strength of soils from field penetration tests is examined based on laboratory
triaxial tests, laboratory calibration chamber tests and some case history studies. From the outcome of laboratory
triaxial tests, the undrained residual strength is examined within the framework of a steady-state concept, and then
formulated with respect to the relative density. From the outcome of laboratory chamber tests on Swedish weight
sounding tests, the Swedish penetration resistance is formulated with respect to the effective overburden stress
and relative density. By combining these formulations, the correlation of the undrained residual strength with
Swedish penetration resistance is established. Some post-earthquake reconnaissance field investigations are
conducted with Swedish weight sounding tests to provide some case history studies.

1 INTRODUCTION

The experiences from recent huge earthquakes have
brought about the practical considerations on the
shifts from regulation-based design to performance-
based design principles in designing earth structures,
accompanied with the introduction of different levels
of design earthquakes. In order to evaluate whether
the required seismic performance would be satis-
fied under design earthquakes, it would be necessary
in design practice to achieve more accurate estima-
tions of strength and deformation of earth structures.
In doing so, more elaborate and innovative uses of
soil investigation technologies would be allowed to
enter into the framework of conventionally adopted
soil investigation methodologies.

The procedures for estimating the liquefaction resis-
tance and undrained residual strength of soils have
been examined extensively, in evaluating the possibil-
ity of occurrence of soil liquefaction and the stability
of earth structures against flow deformation during
earthquakes. The procedure for estimating the lique-
faction resistance of soils has been achieved based on
laboratory cyclic triaxial tests on frozen intact samples
and also on field penetration tests including standard
penetration tests (SPT), cone penetration tests (CPT)
as well as velocity logging tests. The procedure for
estimating the undrained residual strength of soils
has also been examined based on laboratory triaxial
tests and also on case history studies involving field

penetration tests, (Seed 1987; Seed & Harder 1990;
Ishihara et al., 1990; Idriss & Boulanger 2007; and
others).

One of the recent issues discussed in detail was
associated with the inhomogeneity of soil layers. Par-
ticularly in the presence of a soil layer with signif-
icantly lower permeability overlying the liquefiable
layer, there would be situations where the upward pore
water seepage during earthquakes could lead to local-
ized loosening of the liquefiable soil. Under these
situations, it would be reasonable to assume that the
undrained shear strength mobilized in the field can
be much lower than that observed in laboratory tests,
(Idriss & Boulanger 2007). Such a phenomenon was
termed as ‘water film generation’ and ‘void redistribu-
tion mechanisms’, (Kokusho 2000; Kulasingam et al.,
2004; Malvick et al., 2006; and others).

The effects of soil density, confining stress and
grain composition of soils on the undrained shear
strength of saturated sands have been examined exten-
sively by using laboratory triaxial tests within the
framework of a steady-state concept. On the other
hand, the characterization of soil properties using
field penetration tests has also recently evolved con-
siderably, where the use of calibration chamber tests
allowed the effects of state parameters such as soil den-
sity and overburden stress as well as grain composition
of soils on the field penetration resistance to be exam-
ined in detail. In the present study, by combining such
independent studies based on the laboratory triaxial
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Figure 1. General layout of the present study.

Figure 2. Levels of shear strain involved in field tests.

tests on saturated silty sands and calibration chamber
tests on Swedish weight sounding tests, the correlation
of the undrained residual strength of silty sands with
the field penetration resistance is examined in detail.
The framework of the present study is illustrated as
shown in Fig. 1. The advantages of adopting such
a direct correlation are also discussed in detail. The
levels of shear strain associated with field tests and
derived soil parameters are often discussed as shown
in Fig. 2. The levels of shear strain expected to be
mobilized during field penetration tests are shown to
be large enough to be comparable to those at residual
states where the residual strength is mobilized.

2 UNDRAINED RESIDUAL STRENGTH FROM
LABORATORY TRIAXIAL TESTS

2.1 Background

The undrained behaviour of saturated cohesionless
soils has been investigated extensively within the
framework of a steady state concept since 1970s,
(Castro 1975; Castro & Poulos 1977; Finn & Byrne
1976; Poulos 1981; and others). Subsequent stud-
ies followed suit and examined the conditions of the
steady state and quasi-steady state to occur on Toyoura
sand, (Verdugo 1992; Ishihara 1993; Verdugo &
Ishihara 1996; Kato et al., 2001; and others). The
effects of anisotropic consolidation on subsequent
undrained behaviour were first addressed by Chern
(1985) and Vaid & Chern (1983, 1985), and discussed
that instead of the effective mean principal stress, the
effective major principal stress is a primary parameter
in quantifying the effects of confinement on undrained

behaviour of sand. In what follows, the results of
laboratory undrained triaxial tests are examined and
interpreted in the framework of a steady-state concept.

2.2 Typical patterns of deformation and definition
of flow condition

The typical patterns of response of anisotropically con-
solidated samples against undrained compression are
schematically illustrated in Fig. 3.

In Figs. 3(a) and 3(b), the effective stress paths
in terms of the effective mean principal stress, p′ =
(σ ′

1 + 2σ ′
3)/3, against the shear stress, q = σ ′

1 − σ ′
3

and stress—strain relations are shown. The specimens
are isotropically consolidated at point A, and the points
B, B’ and B’’ indicate that the specimens are anisotrop-
ically consolidated to a certain Kc-value, where Kc =
σ ′

3/σ
′
1. Then the specimen is dense, it shows dila-

tive behaviour along the points B, C and D, where
the point C corresponds to the state of phase trans-
formation, and the point D is called the steady state.
The undrained residual strength is defined as the shear
stress mobilised at the state of phase transformation.
This dilative behaviour as a whole is categorised as
‘‘no flow’’. When the specimen is loose, it shows
contractive behaviour along the points B’’, C’’ and
D’’, where the points C’’ and D’’ correspond to the
quasi-steady state and steady state. In case of loose
sand, the quasi-steady state and steady state coincides,
and the undrained residual strength is defined at this
largely deformed state. This contractive behaviour as
a whole is categorised as ‘‘flow’’. When the speci-
men is medium dense, it shows intermediate behaviour
along the quasi-steady state C’ and the steady state
D’. Since the phase transformation takes place from
contractive to dilative behaviour at point C’, at which
the shear stress is smaller than that at point D’, the
undrained residual strength is defined at the quasi-
steady state C’. This intermediate behaviour is cate-
gorised as ‘‘flow with limited deformation’’.

In Fig. 3(c), the relations between the void ratio, e,
and the effective mean principal stress, p′ are shown.
In Fig. 3(d), the relations between the void ratio, e,
and the axial strain, εa, are shown. It is clearly shown
in Fig. 3(c) that when the specimen is dense, initially
located at point B below the initial dividing line (IDL),
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Figure 3. Schematic diagram showing typical behaviour
during undrained compression.

it shows dilative behaviour. On the other hand, when
the specimen is loose, initially located at point B’’
above IDL, it shows contractive behaviour. When
the specimen is medium dense, initially located at
point B’, it shows intermediate behaviour.

2.3 Characteristic lines

The steady state line (SSL) is known to be a unique
line, which is found in the plot of void ratio against
the effective mean principal stress at which the sand
undergoes large deformation under constant void ratio,
effective confining stress and shear stress, (Fig. 3).
From a number of data of undrained compression tests
on Toyoura sand, the plots of e against p′

ss are produced
in Fig. 4(a). Herein, the steady state line obtained in
the previous study is also plotted, (Ishihara 1993).
Also found in Fig. 4(a) is another line termed as a
quasi-steady state line (QSSL), at which the mini-
mum strength is mobilised at medium to large shear
strain. When the void ratio is significantly large, the
steady state line and quasi-steady state line become
coincident. However, at a medium to greater density,
the quasi-steady state tends to occur at lower effective
confining stress than the steady state, leading to the
quasi-steady state line located lower than the steady
state line in the e–p’ plot. In Fig. 4(a), the quasi-steady
state line tends to deviate from the steady state line
approximately at p′

ss = 100 kPa. The same set of data
is rearranged and the plots of e against the effective
major principal stress, σ ′

1ss, at steady state and quasi-
steady state are produced as shown in Fig. 4(b). The
steady state line and quasi-steady state line can also be
determined equally well in this relation.

The plots of e against p′
s at the state of phase trans-

formation are shown in Fig. 5(a). Herein, the values
of p′

s are determined at a point where the effective

Figure 4. Steady state lines in triaxial compression (a) e−p′
(b) e − σ ′

1.

stress path bends from leftwards to rightwards on the
phase transformation line (PTL), (Fig. 3). In Fig. 5(a),
by looking at the three series of data on Kc = 1.0
with pc

′ = 49 kPa to 294 kPa, the correlations can be
established between e and ps

′. These correlations rep-
resented by the four lines in Fig. 5(a) tend to converge
into a single main line specifying the quasi-steady state
or steady state line. The same set of the test data shown
in Fig. 5(a) is rearranged and the plots of e against σ ′

1s
are produced as shown in Fig. 5(b). It may be possible
to draw a line of phase transformation through a cluster
of data points with an equal level of consistency.

The steady state line, quasi-steady state line and
phase transformation lines defined above refer to the
relations between the void ratio and effective con-
fining stress for sand, which is deformed largely
under undrained triaxial compression. All of these
characteristic lines do not refer to the initial state
prior to undrained compression. It has however been
customary in soil mechanics to express the strength
and deformation characteristics of soils in terms of the
parameters indicating the initial state at consolidation.
The characteristic line proposed in this context is what
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Figure 5. Phase transformation lines in triaxial compression
(a) e − p′ (b) e − σ ′

1.

is called an ‘‘initial dividing line’’, (Ishihara 1993). For
loose sand exhibiting contractive behaviour, the initial
values of e and p′

c at consolidation are plotted with
open symbols in Fig. 6(a). For medium dense to dense
sand exhibiting dilative behaviour, the data are plotted
with dark symbols. It is then possible to draw a line
in the e − p′

c plot giving the border between the clus-
ters of open symbols and dark symbols as indicated
in Fig. 6(a). The same set of the test data shown in
Fig. 6(a) is rearranged and the plots of e against σ ′

1s
at consolidation are produced as shown in Fig. 6(b). It
is also found possible to draw an initial dividing line
with an equal level of consistency in this relation.

2.4 Undrained residual strength

The initial state ratio rc serves as a good parameter in
characterizing the response of the excess pore water
pressure during undrained compression of saturated
isotropically consolidated sand, (Ishihara 1993). In
the present study, since the importance of the effec-
tive major stress σ ′

1 in indicating confinement of soils

Figure 6. Initial dividing lines in triaxial compression
(a) e − p′ (b) e − σ ′

1.

is examined, the new parameter r′
c is introduced as

follows, (Tsukamoto et al., 2004a),

rc = p′
c

p′
s

= 1 + 2 Kc

1 + 2 Ks
r′

c (TC) (1)

r′
c = σ ′

1c

σ ′
1s

= σ ′
ac

σ ′
as

(TC) (2)

rc = p′
c

p′
s

= 2 + Kc

2 + Ks
r′

c (TE) (3)

r′
c = σ ′

1c

σ ′
1s

= σ ′
cc

σ ′
cs

(TE) (4)

where Ks = (3 − Ms)/(3 + 2Ms) = (1 − sin φs)/
(1 + sin φs) for triaxial compression (TC), and Ks =
(3−2Ms)/(3+Ms) = (1−sin φs)/(1+sin φs) for tri-
axial extension (TE), Ms = qs/p′

s and φs is the internal
friction angle at states of phase transformation.

In Figs. 7(a) and (b), the plots of rc against Kc and
the plots of r′

c against Kc are shown for Toyoura sand,
where the data points are divided into the contractive
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Figure 7. rC, r′C, Sus/p′
C and Sus/s′

1C − KC relations
(Toyoura sand) (a) rC − KC (b) r′C − KC (c) Sus/p′

C − KC
(d) Sus/σ

′
1C − KC.

and dilative behaviour. It is found in Fig. 7(b) that the
parameter r′

c uniquely divides the two behaviours at
r′

c = 1.2, independent of the shearing mode of TC and
TE and also of the Kc value. Assuming the constant
value of r′

c in Eqs. (1) and (3), the border in the rc–Kc
plots is given as a function of Kc.

With respect to the undrained residual strength
ratio Sus/p′

c introduced by Ishihara (1993), the new
undrained residual strength ratio Sus/σ

′
1c is also defined

in the present study as follows,

Sus

p′
c

= qs cos φs

2

1

p′
c

= Ms cos φs

2

1
rc

(TC & TE) (5)

Sus

σ ′
1c

= qs cos φs

2

1

σ ′
1c

= 3 Ms cos φs

2(3 + 2Ms)

1

r′
c

(TC) (6)

Sus

σ ′
1c

= qs cos φs

2

1

σ ′
1c

= (3 + Ms) Ms cos φs

2(3 + 2Ms)

1

r′
c

(TE) (7)

In Figs. 7(c) and (d), the plots of Sus/p′
c and Kc and

the plots of Sus/σ
′
lc and Kc are shown are shown for

Toyoura sand, where the data points are divided into
the contractive and dilative behaviour. Since the value
of Ms is a material constant and the value of r′

c is also
found to be constant, the undrained residual strength
ratio Sus/σ

′
1c can also be determined as a constant from

Eqs. (6) and (7). The constant threshold value of Sus/σ
′
1c

is shown in Fig. 7(d), which forms the border between
contractive and dilative behaviour. The borders given
in the Sus/p′

c −Kc relation are different between TC and
TE, as shown in Figs. 7(c). The threshold value of
Sus/σ

′
1c dividing the two behaviours effectively corre-

sponds to the largest undrained residual strength ratio
under flow deformation.

Since the value of Sus/σ
′
1c giving the border was

found to be uniquely determined regardless of the Kc-
value, the values of Sus/σ

′
1c are plotted against the void

ratio at consolidation, as shown in Fig. 8(a). The same
sets of data for the other silty sands are shown in
Figs. 8(b) to (d). The relations for TC and TE are found
to draw different curves. By drawing the intermedi-
ate curves, the threshold values of the relative density
Dr , at which the two behaviours can be separated, are
shown in Figs. 8(a) to (d). The threshold value for Toy-
oura clean sand is found to be Dr = 30%, and those for
the other silty sands with non-plastic fines are found to
be about Dr = 60 to 70%. It would imply that the ranges
of the initial relative density leading to flow deforma-
tion are different among the soils, though the largest
value of the undrained residual strength ratio under
flow deformation is similar to each other and stays at
about 0.24 to 0.26. Based on this finding, in examin-
ing the flow occurrence, it would be more preferable
to determine directly the undrained residual strength
of soils rather than to determine the relative density of
soils.
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Figure 8. Sus/σ
′
1C − Dr relations (a) Toyoura sand (b)

Omigawa sand (c) Jamuna river sand (d) Shirasu.

2.5 Effects of relative density

The primary findings from the outcome of the laboratory
triaxial tests as described above are summarized as
follows.

1. The border determining the conditions of ‘‘flow’’
and ‘‘no flow’’ can be given by a unique value of
Sus/σ

′
1c regardless of Kc and TC/TE modes.

2. This threshold value of Sus/σ
′
1c takes a value ranging

from 0.24 to 0.26 for clean sand and ordinary silty
sands.

It then follows that based on the plots of Sus/σ
′
1c against

Dr for the four different soils shown in Fig. 8, the rela-
tion between Sus/σ

′
1c and Dr are formulated as follows,

Sus

σ ′
1c

= Aus (Dr − Dro)
2 (8)

where Dro is the initial offset of the relative density.
It is found in Fig. 8(a) for Toyoura clean sand that
there would be no offset of the relative density in this
relation, and it can be determined as Dro = 0. On
the other hand, there needs to be some offset in this
relation for silty sands, as shown in Figs. 8(b) to (d).
The value of Dro = 25% is adopted for all the silty
sands examined in the present study. Because of its
compressibility, the silty sand is found to show some
value of Dro. The value of Dro is in effect controlled
by the volume compression during consolidation. For
example, the void ratio changes of Omigawa silty sand
during anisotropic triaxial consolidation are shown in
Fig. 9. It is found that there is a sufficient amount of
volume compression during consolidation. This off-
set of the relative density, Dro, serves as a parameter
which defines the lowest value of the relative density
attainable under the presence of confining stress. The
definition of Dro is schematically illustrated in Fig. 10.

Figure 9. Consolidation lines (Omigawa sand).

Figure 10. Schematic illustration on offset of relative den-
sity due to confining stress increase.
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3 SWEDISH PENETRATION RESISTANCE
FROM LABORATORY CHAMBER TESTS

3.1 Swedish weight sounding

Swedish weight sounding test has commonly been
used for field inspections on road and railway embank-
ments and residential house constructions, and has
also been frequently used for earthquake reconnais-
sance field investigations. The testing procedure con-
sists of static and rotational penetrations. In the first
phase of static penetration, the depth of rod penetration
is measured while the screw-shaped point weighing
5 kg is statically penetrated into the ground by gradu-
ally putting the weights of 2 × 10 kg and 3 × 25 kg to
achieve the total weight of 100 kg, (Fig. 11). The value
of Wsw corresponds to the current sum of weights under
static penetration. In the second phase of rotational
penetration, the rod is rotated by using the horizontal
bar fixed at its top while holding the total weight of
100 kg. The number of half a turn necessary to pene-
trate the rod through 25 cm is counted and converted
to the value of Nsw (ht/m).

3.2 Calibration chamber

The calibration pressure chamber is used in the present
study, which is 78.7 cm in diameter and 92.4 cm in
depth, as shown in Fig. 12. The vertical stress and
horizontal stress can be applied independently to a
soil sample in the chamber by inflating the rubber
membranes. The dry soil sample was poured into the
chamber by the method of air pluviation and tamp-
ing, and various values of the relative density, Dr ,
were achieved. All the soil samples were normally

Figure 11. Equipment for Swedish weight sounding tests.

Figure 12. Calibration chamber.

consolidated with the earth pressure coefficient Ko

ranging between 0.2 and 0.3. A series of Swedish
weight sounding tests were conducted under various
values of the relative density, Dr , and vertical and
horizontal stresses, σ ′

v and σ ′
h.

3.3 Effects of relative density

The field penetration resistance is known to be affected
mainly by soil density, effective overburden stress and
grain composition of soils among others, (Meyerhof
1957; Liao and Whitman 1986; Skempton 1986;
Ishihara 1993 & 1996; Cubrinovski and Ishihara 1999;
Tsukamoto et al., 2004b; and others). In the present
study, the effects of soil density and effective overbur-
den stress on the Nsw-value are formulated by using
the same procedure as described by Tsukamoto et al.
(2004b).

Since the static penetration resistance represented
by the value of Wsw has some influence on the rotational
penetration resistance, Nsw, it would be reasonable to
give an offset parameter with respect to the value of
Nsw, which is equivalent to the static resistance Wsw =
100 kg. The converted overall resistance N ′

sw is then
introduced by defining this offset as αsw as follows,

N ′
sw = Nsw + αsw (αsw = 40) (9)

This is assumed to hold valid under the phase of rota-
tional penetration, where Nsw is larger than 1. In the
phase of static penetration, N ′

sw is assumed to take a
value less than or equal to αsw in a manner that N ′

sw =
αswWsw (kg)/100. For example, it would be N ′

sw = 20 at
Wsw = 50 kg.
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The value of N ′
sw may then be normalized with

respect to the vertical stress, and the normalized
parameter of N ′

sw1 may therefore be defined as follows,

N ′
sw1 = N ′

sw

√
σ ′

o

σ ′
v

= N ′
sw

√
98

σ ′
v

(10)

where σ ′
o is taken as 98 kPa and σ ′

v is in kPa. The
above equation (10) was confirmed by examining the
linear relation between N ′

sw and
√

σ ′
v, (Tsukamoto et al.,

2004b).
From the viewpoint of establishing the relation

between Nsw and the undrained shear strength ratio
as formulated in the equation (8), it would be prefer-
able to normalize the value of N ′

sw1 in a manner similar
to the equation (8). The plots of N ′

sw1 against Dr are
produced for the four soils as shown in Fig. 13, and
the following relation is also found to work well,

N ′
sw1 = Asw (Dr − Dro)

2 (11)

where the same values of Dro are assumed in the
equations (8) and (11). It is to note here that the cham-
ber size effects are considered negligible and are not
taken into account.

4 DIRECT CORRELATION OF UNDRAINED
RESIDUAL STRENGTH WITH SWEDISH
PENETRATION RESISTANCE

Since the initial effective vertical stress, σ ′
vo, is nearly

equivalent to σ ′
1c in usual circumstances such normally

consolidated sands, it would be reasonable to assume
that the undrained shear strength ratio, Sus/σ

′
1c can be

replaced by Sus/σ
′
vo. In addition, the undrained shear

strength ratio Sus/σ
′
1c(= Sus/σ

′
vo) and Swedish penetra-

tion resistance Nsw were found to be formulated with
respect to the relative density Dr in the same man-
ner, as seen in the equations (8) and (11). Therefore,

Figure 13. N ′
sw1 − Dr relations.

Figure 14. Csw − emax − emin relation.

the correlations of Sus/σ
′
vo with Nsw can be derived as

follows,

Sus

σ ′
vo

= N ′
sw1

Csw
= Nsw +40

Csw

√
98

σ ′
vo

(12)

where Csw is the parameter uniquely determined for any
given soil, and Csw = Asw/Aus. Since the state parame-
ters influencing the soil behaviour, such as soil density
and overburden stress, are all incorporated in the for-
mulation, the value of Csw would only be dependent
upon the grain composition of soils.

One of the parameters that represent the grain com-
position of silty sands was shown to be the void ratio
range, emax–emin, (Miura et al., 1997; Cubrinovski and
Ishihara 1999, 2000a & 2000b). The values of Csw

inferred from the present study are therefore plotted
against the void ratio range, as shown in Fig. 14. The
void ratio range for clean sand is generally lower than
0.4, and it becomes larger as the fines content increases
in the soil. The largest value of Csw is found when the
soil contains some fines, implying that the soil contain-
ing some fines exhibits the lowest undrained residual
strength when the same value of Nsw is observed at a
given depth.

5 SOME CASE HISTORY STUDIES

The post-earthquake field reconnaissance investiga-
tions using Swedish weight sounding tests were carried
out at three locations during the recent earthquakes in
Japan.

5.1 Tsukidate landslide

The rapid landslide occurred at Tsukidate, Miyagi,
Japan, on a gentle slope consisting of reclaimed soil
deposits for agricultural purposes, during Miyagiken-
oki Earthquake on May 26, 2003, (Uzuoka et al., 2005).
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Figure 15. Location of site of landslide at Tsukidate.

The location of Tsukidate is shown in Fig. 15. The
loose reclaimed soil deposits with 40 metres wide, 80
metres long and 5 metres deep were collapsed and
flowed downstream on a gentle slope with 7 degrees
inclination, as shown in Figs. 16(a) and (b). A series
of Swedish weight sounding tests were carried out at
this site, and the results of the test conducted at the
original intact soil deposit close to the top portion of
the collapsed area are indicated in Fig. 17. The soil
deposits were from pyroclastic origin with pumice tuff,
and include 36% of fines less than 0.075 mm with the
mean diameter D50 = 0.25 mm. The undrained shear
strength ratio, Sus/σ

′
vo, of soils mobilized at this site

is estimated to be about 0.12, based on the following
simple expression, (Ishihara et al., 1990),

Sus

σ ′
vo

≈ Sus

γt H
= cos α sin α (13)

where H and α are the depth and angle of subsur-
face sliding surface. The value of Sus/σ

′
vo thus esti-

mated is also confirmed from the results of laboratory
undrained triaxial compression tests conducted on the
soil sample retrieved from this site and field density
measurement.

5.2 Tanno flow failure

The fluidization and subsidence of gently sloped farm-
ing fields took place in Tanno area of Kitami in
Hokkaido during Tokachi-oki Earthquake on Septem-
ber 26, 2003. The location of the site is indicated in
Fig. 18. The farming field of 35 metres wide and 150
metres long subsided due to the eruption of fluidized
subsurface deposits through a couple of ejection holes
located downstream portions of the subsided area, as
shown in Photos 1 and 2. It was found from the inter-
view of the local people that the subsided area had been
reclaimed with the deposits of local volcanic soil for
agricultural purposes. The plan view and cross section
of the site are shown in Fig. 19.It was found from the

Figure 16. Post-earthquake plan view and cross section of
site of landslide at Tsukidate (a) plan view (b) cross section.

site survey that the bottom surface of the fluidized
subsurface deposits forms a round basin in a trans-
verse cross section, and the fluidized deposits flowed
down swinging leftwards and rightwards along the
basin until they were erupted at the downstream por-
tions of the subsided area. A series of Swedish weight
sounding tests were carried out at this site, and the
results of the test conducted at the original intact soil
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Figure 17. Results of Swedish weight sounding test at
Tsukidate.

Figure 18. Location of site of landslide at Tanno.

deposit close to the top portion of the collapsed area
are indicated in Fig. 20. The soil deposits were from
volcanic origin, and include 28% of fines less than
0.075 mm with D50 = 0.19 mm. The undrained shear
strength ratio, Sus/σ

′
vo, of soils mobilized at this site

inferred from the equation (13) is estimated to be as
low as 0.05. The value of Sus/σ

′
vo thus estimated is also

confirmed from the results of laboratory undrained tri-
axial compression tests conducted on the soil sample
retrieved from this site and field density measurement.

5.3 Liquefaction and subsidence at Kashiwazaki

The soil liquefaction and associated subsidence and
ground deformation took place at one of the regional
sewage centre located near the mouth of Sabaishi river
in Kashiwazaki, Niigata, during Niigataken-chuetsu-
oki Earthquake on July 16, 2007. A vast amount of
sand boils were observed around the buildings, and
the almost entire area within the centre subsided down
to about 35 cm, as shown in Photos 3 and 4. The cracks
and ground deformation were also observed around the

Photo 1. Looking towards upstream (Tanno).

Photo 2. Looking towards downstream (Tanno).

Figure 19. Post-earthquake plan view and cross section of
site of landslide at Tanno (a) plan view (b) cross section.

buildings, as shown in Photos 5 and 6. The locations at
which these photos were taken are indicated in Fig. 21.
The soil deposits around the buildings are silty sands
containing 10% non-plastic fines less than 0.075 mm.
A couple of Swedish weight sounding tests were con-
ducted at the locations indicated in Fig. 21, and the
results are indicated in Fig. 22. The ground water level
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Figure 20. Results of Swedish weight sounding test at Tanno.

Photo 3. Subsidence (Kashiwazaki).

Photo 4. Subsidence (Kashiwazaki).

was found to be located 2 metres below the ground
surface, and the loose deposits were found to prevail
down to 6–7 metres below the ground surface. This
field investigation would provide a good case history

Photo 5. Crack and ground deformation (Kashiwazaki).

study on the liquefaction-induced subsidence at level
grounds, though it would provide little on the evalua-
tion of undrained residual strength, which is examined
in the present study.

5.4 Swedish penetration resistance

Based on the data derived from the case history studies
as described above, the values of Sus/σ

′
vo and N ′

sw1 are
examined, and the values of Csw are then inferred as the
ratio of N ′

sw1 to Sus/σ
′
vo. Since the parameter Csw is con-

sidered to be only dependent on the grain composition
of soils, the values of Csw thus estimated are replot-
ted on the diagram correlating the parameter Csw with
the void ratio range, emax–emin, as shown in Fig. 23.
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Photo 6. Crack and ground deformation (Kashiwazaki).

Figure 21. Location of site of subsidence and flow defor-
mation at Kashiwazaki regional sewage center.

The plot for the site of Tsukidate is located within
the range of its correlation derived from the labora-
tory study conducted in the present study. However,
the plot for the site of Tanno is out of range probably
because of its extremely low value of undrained shear

Figure 22. Results of Swedish weight sounding test at
Kashiwazaki.

Figure 23. Csw–emax–emin relation from case history
studies.
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strength. It is to note here that this extremely low value
was derived based on the average slope angle using the
equation (13). However, as described above, the flu-
idized deposits seem to have flowed down swinging
leftwards and rightwards along the basin from bottom
to top portions, indicating that the local failure slope
angle might be greater than the average angle, due to
such basin effects.

6 CONCLUSIONS

The evaluation of the undrained residual strength of
silty sands from Swedish weight sounding tests was
examined. Based on the outcome of the laboratory tri-
axial tests, the undrained residual strength ratio was
defined with respect to the effective major principal
stress, and was formulated with respect to the rel-
ative density. Based on the outcome of the labora-
tory calibration chamber tests, the Swedish penetration
resistance was formulated with respect to the effective
overburden stress and relative density. By combining
these formulations, the correlation of the undrained
residual strength with Swedish penetration resistance
was established. Based on some case history studies
on the post-earthquake reconnaissance field investiga-
tions using Swedish weight sounding tests, the validity
of this correlation was examined and found to work
well.
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ABSTRACT: Over the past decade, controlled blasting techniques have been used to gain insight into the
behavior of deep foundations subjected to liquefaction and lateral spreading. This paper summarizes the results
of the authors’ work on blast-induced liquefaction from around the world, starting with the Treasure Island
Liquefaction Test (TILT) in California over 10 years ago, to more recent experiments on Hokkaido Island in
Japan. Insight gained from each of the projects is discussed. While questions remain on how closely blasting
replicates the process of earthquake induced liquefaction, once liquefaction is achieved, controlled blasting is a
proven complement to our arsenal of techniques for physically modeling liquefaction and lateral spreading, and
remains essentially the only available choice for field scale experiments.

1 INTRODUCTION

In past earthquakes, liquefaction-induced lateral
spreading has caused significant damage to deep
foundations, resulting in damage to a variety of super-
structures, including port facilities, buildings, bridges,
and utilities. Also, lateral spreading of liquefied soil
has induced considerable permanent deformation of
pavement, retaining walls, natural slopes, and artifi-
cial earth structures, such as road embankments and
levees. Based on observations in past earthquakes,
it is essential to gain better understanding of the
impact of liquefaction and related lateral spreading
and induced ground deformations on the behavior of
foundations and structures in order to improve cur-
rent design methods and prevent catastrophic failure
in future earthquakes.

To develop more reliable designs, several types of
research efforts on liquefaction and lateral spreading
have been conducted; e.g. numerical studies, labo-
ratory element tests, centrifuge tests, and large-or
full-scale limited area 1-g shake table tests. However,
these research efforts generally provide information
only under assumed ideal conditions, and then, it

is also important to know behavior of liquefied and
laterally spread ground in the field, i.e. at actual sites.
One effective physical modeling method is the use
of controlled blasting to induce liquefaction at this
sites. Over the past decade, this method has been used
several times in conjunction with deep foundations
to gain insight on their behavior when subjected to
liquefaction and lateral spreading.

In this paper, a general description of the controlled
blasting method is presented, followed by several
examples of projects where the authors have used
controlled blasting techniques.

2 DESCRIPTIONS OF CONTROLLED
BLASTING TECHNIQUES

Controlled blasting technique has been successfully
performed for over 50 years in many different soil and
site conditions as a densification method of loose satu-
rated soils. Installing explosives into soils and blasting
them, large impact can be generated, and it results
in porewater pressure buildup, liquefaction and lat-
eral spreading if slope or free surface exists. When
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porewater pressure dissipation completes, particles of
liquefied soils rearrange, and the liquefied strata settle
and become denser.

Using this mechanism, controlled blasting has been
used for large-or full-scale liquefaction tests. How-
ever, it is obvious that the process of liquefaction
induced through controlled blasting compared to that
resulting from seismic loading is quite different. In
earthquake induced liquefaction, the porewater pres-
sure is slowly increased by shear waves propagating
up through the soil, while the porewater pressure
is almost instantaneously increased by compression
waves generated from the explosion in blast-induced
liquefaction. Blasting produces higher accelerations
and higher frequency ground motions than an earth-
quake; nevertheless, the velocity and strain levels are
comparable. Because of these differences, the actual
process leading up to liquefaction during an earth-
quake can not be simulated well by blasting, and then,
soil behavior once liquefaction had been induced is
usually focused on in controlled blasting liquefaction
tests.

Some of controlled blasting liquefaction projects
have been contributed by the authors, and briefly pre-
sented as application examples of this technique in the
following chapter.

3 EXAMPLES OF CONTROLLED BLASTING
LIQUEFACTION TESTS

3.1 Treasure Island, California, USA

The lateral load capacity of deep foundations is crit-
ically important in the design of bridge structures in
seismically active regions. Estimation of deformation
during and after earthquakes also becomes important
as performance-based design concept gets more famil-
iar. Although reliable design methods had been devel-
oped for the lateral capacity of piles in non-liquefied
soils, information to make accurate prediction of piles
that are surrounded by liquefiable soils was very short.
Centrifuge studies using scaled models (e.g. Wilson
et al. 2000; Dobry et al. 1996) could prove valuable
insight on soil-pile interaction in liquefied soil; how-
ever, full-scale tests were necessary to verify these
models, scale effect and so forth, and also to provide
ground truth information. To improve our understand-
ing of the lateral load behavior of deep foundations in
liquefied soil, a series of full-scale lateral load tests had
been performed at Treasure Island in San Francisco,
California. The ultimate goal of this project was to
develop lateral load-displacement relationships for a
variety of individual piles and pile groups in liquefied
sand under full-scale conditions.

Prior to a series of the lateral load pile tests, a pilot
liquefaction test was performed to design specification
of blasting, such as the amount of explosives, installa-
tion spacing, and forth. Site characteristics, test setup,

and examples of obtained results in the pilot test are
presented herein. Details of the pilot test and the pile
tests are available elsewhere (Ashford & Rollins 2002,
2004).

3.1.1 Site characteristics
Treasure Island is a 160-hectare manmade island in
San Francisco Bay. It was constructed by hydraulic
and clamshell dredging during 1936 and 1937. The
loose nature of the hydraulic fill in Treasure Island
site combined with a high groundwater table indi-
cates that the site is susceptible to liquefaction. This
was demonstrated in the 1989 Loma Prieta earth-
quake, with several sites across the island liquefying
during the earthquake. Since Treasure Island is a
National Geotechnical Experimentation Site, a sub-
stantial amount of geotechnical data is available in the
vicinity. In addition, site-specific geotechnical inves-
tigations were carried out as part of this study. The soil
profile at the pilot liquefaction test area is shown in
Figure 1 in reference to the excavated surface, which
is approximately 1 m below the original ground sur-
face. It consists of hydraulically placed fill and native
shoal sands to a depth 4.5 to 6 m. The hydraulic fill
generally consists of loose fine sand or sandy silt with
thin interbeds of lean clay underlain by sandy silts and
Young Bay Mud. The water table is typically 0.5 m
below the excavated ground surface. According to
the Unified Soil Classification system, the sand typi-
cally classifies as SP material and generally has a D50
between 0.2 and 0.3 mm. The (N1)60 values in the
sand typically ranged from 19 to 2 while the normal-
ized cone resistance, qc1 ranged from 15 to 4 MPa.
Using two independent correlations with (N1)60 and
qc1 (Kulhawy & Mayne 1990), the relative density Dr
was estimated, and its profile typically shows between
70 and 20 percent in the clean sand layers.

3.1.2 Test setup
The layout of blast holes and pore pressure transduc-
ers (PPT) at the pilot liquefaction test area is shown
in Figure 2. Depth of PPTs is summarized in the left
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Figure 1. Soil profile at pilot liquefaction study site.
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Figure 2. Test layout for pilot liquefaction study.

tale in Figure 2. Two sets of blasts were carried out to
determine whether it would be possible to liquefy the
site a second time. The charges were placed around the
periphery of two circles each having a horizontal radius
of 2.1 m. Two-part explosives, 0.5 kg TNT-equivalent
charges composed of ammonium nitrate and nitro-
methane, were placed at a depth of approximately
3.6 m below the excavated surface and the borehole
was back-filled with pea gravel. Pore pressure readings
from the 20 PPTs were obtained at 1-second intervals
using a computer data acquisition system. Deep foun-
dation elements were to be placed at the center of these
circles in the following pile tests.

3.1.3 Examples of test results
Two test blasts were carried out as part of the pilot liq-
uefaction study. Three days after the first blast, addi-
tional charges were placed. In both cases, charges were
detonated two at a time with a 250-millisecond delay
between explosions. Although the PPTs indicated that
liquefaction occurred within just a few seconds of the
explosion, there was no surface manifestation of liq-
uefaction for a period of 3 to 5 minutes in both of the
tests. At this point, sand boils began to form at several
of the transducer boreholes as well as at some blast
holes.

An example of pore water pressure ratio (Ru) time
histories is shown for a vertical PPT array at the center
of the charge ring in Figure 3. The indicated depths are
measured from the groundwater table, located approx-
imately 0.5 m below the excavated surface. In this
figure, the peaks of Ru showed between 90 and 100%
at each of the transducers, with the exception of that
at 0.9 m depth in both tests. At the 0.9 m depth, the Ru
peaked at approximately 75% but then rapidly dropped
to around 40%. It can be explained by higher (N1)60
values at shallow depth in Figure 1. For all other trans-
ducer depths, the Ru value remained above 80% for
at least 4 minutes and above 60% for at least 8 min-
utes after the blast. Though not shown in the figure,
excess pore pressure ratios in the sand were typically
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Figure 3. An array of excess pore pressure ratio time
histories at the center of the charge ring (black =
first blast, gray = second blast).

down to between 10 and 20% within one hour after
the blast. Comparing results from the first and second
tests shown in Figure 3, slightly higher values of Ru
were observed in the second test than in the first test,
with nearly identical dissipation rates. This confirmed
that liquefaction could be induced at least twice at the
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same site, as long as the time interval between blasts
was relatively short (in this case, 3 days).

Ground surface settlement was monitored using
lines of survey stakes spaced at approximately 0.6 m
intervals through the blast area. Settlement was cal-
culated as the change in the stake elevation between
before and after the blast. Maximum ground surface
settlements ranged from 25 mm for the single blast
charges during the initial testing to almost 100 mm
for the 16 blast points of the pilot liquefaction study
(Figure 4). Our survey indicated that about 85% of the
settlement occurred within about 30 minutes of the
detonation.

Settlement contours for the second blasts of the
pilot liquefaction study showed quite similar settle-
ment pattern, with the greatest settlement occurring
between the blast circles and extending as far as 6 to
8 m from the blast points. The zero settlement con-
tour lies within the boundary of soil experiencing ele-
vated pore water pressures, because of arching with
the surrounding soil that did not liquefy beyond this
contour. The dashed portion of the 0-mm contour line
shows inferred settlements where measurements were
not available.

To evaluate densification process after blasting, a
series of cone penetration tests were carried out at var-
ious times. The results from CPT tests before blasting,
and 42 days after a third blast are presented in Figure 5.
In each figure, the profiles of the cone tip resistance
and friction ratio are shown as average, the upper and
lower bounds based on all CPT soundings. Compar-
ing CPT soundings performed prior blast and 42 days
after a third blast as shown in Figure 5(a) & (b), it could
be found that the average cone tip resistance between
2 and 5 m depth had increased by approximately twice
the pre-blast value and 2.5 times above the value two
days following blasting. Similar trends are observable
in the friction ratio profiles, although the changes are
less significant.

NNN

Figure 4. Settlement contours as a result of the first blast.
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Figure 5. CPT Results at the pilot liquefaction study.

3.1.4 Summary
The results of this pilot study for the Treasure Island
Liquefaction Test (TILT) demonstrated that controlled
blasting techniques could be used to successfully
induce liquefaction in a well-defined volume of soil
in the field for full-scale experimentation. Excess
pore pressures ratios (Ru) of above 90% were gen-
erated within a depth range of 1.8 m to 5.9 m and
over a 12.8 m × 19.2 m surface area. Ru values typ-
ically maintained greater than 0.8 for 4 minutes and
greater than 0.6 for 8 minutes. Settlement became up
to 100 mm using 0.5 kg charges at 16 points. About
85% of the settlement occurred within first 30 min-
utes after the blast. Though not mentioned herein, the
CPT resistance decrease was observed within 2 days
of blasting. However, it was significantly increased
after several weeks (42 days), and it could be proved
that the controlled blasting techniques could improve
liquefaction strength of soil.

Following the TILT pilot study, a total of 17 deep
foundations were later tested under lateral loading at
the site. One of the primary findings of the load tests
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was the concave up nature of the back-calculated p-y
curves for liquefied soil, as shown in Figure 6. This
significant finding was the impetus for several addi-
tional full-scale experiments at other sites around the
world.

3.2 Cooper River Bridge, South Carolina, USA

Based on the successful TILT project, another series
of blasting tests was conducted at the Arthur Ravenel
Bridge which now spans the Cooper River in
Charleston, South Carolina. Completed in July 2005,
the Ravenel Bridge has a clear span of 471 m, making
it the longest cable-stayed bridge in North and South
America. Results of geotechnical investigations at the
site showed that liquefaction could occur to a depth of
13 m on the eastern approach to the bridge in a repeat
of the 1886 Charleston earthquake (estimated M7.3).
Based on the Treasure Island Liquefaction Test, full-
scale blast liquefaction testing was planned as part of
the foundation testing program for the new bridge.
After liquefaction was induced by blasting, lateral
load tests were performed using both conventional
hydraulic actuators and a statnamic loading device to
evaluate lateral resistance of the large diameter drilled
shaft foundations supporting the bridge superstruc-
tures. Properties of soil, test pile, test setup, and some
examples of test results are provided herein, and details
of this project will be published soon (Rollins et al.,
2008).

3.2.1 Site characteristics
The soil profile at the test site generally consists of
alluvial sands underlain by stiff to very stiff clay called

Figure 6. Back-calculated p-y curves for liquefied soil.

Cooper Mahl at a depth of 13 to 14 m. Groundwater
was generally within 1.5 m from ground surface,
depending on tidal fluctuations. The sandy sediments
of the coastal plain in South Carolina are typically
loose Pleistocene age materials, and have high liq-
uefaction potential. The representative soil profile is
shown in Figure 7. In this figure, the third through
fifth layers from ground surface were highly liquefi-
able. The third layer was loose fine sand to silty sand
and extended to a depth of 7 m. The fines content var-
ied with depth and from hole to hole in considerably
wide range from 0.5 to 28%. The fourth layer lain
between 7 and 10.5 m below the ground surface. This
layer was typically classified as silty sand or clayey
sand with higher fines content from 15 to 24%. The
top of the fifth layer was at a depth of 10.5 m and
extended to the top of the stiff clay layer. This layer
contained fewer fines and generally classified as a
loose to medium dense, poorly graded fine sand.

Using cone penetration test (CPT) results and an
equation developed by Kulhawy and Mayne (1990)
for clean young normally consolidated sands, the rel-
ative density (Dr) of each layer was estimated. The
profile of the estimated Dr is also plotted in Figure 7.
The average relative density is approximately 50% in
the sand layers, and about 35% in the silty sand layer.

3.2.2 Test setup
The test shafts for the static test and the statnamic
test were 2.59 m outside diameter cast-in-steel-shell
(CISS) piles. The steel casing with a thickness of
2.54 cm were installed through the sand layers and into
the Cooper Marl at a depth of 16.2 m using a vibratory
hammer, and then, the hole was advanced through the
Marl to a depth of 46.9 m without casing. The hole
was then filled with concrete using a tremie pipe. An
average 30-day compressive strength of filled concrete
was 370 MPa. 36 #18 bars were evenly distributed
around a circle with a diameter of 2.13 m as the vertical
reinforcements with confinement provided by #6 bar
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Figure 7. Soil profile for the Cooper River test site.
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spirals with a pitch of 8.9 cm. A three inch concrete
cover was maintained between the spiral reinforcement
and the inside of the steel case.

Instrumented 0.91 m long #4 bars with strain gages
were tied into the rebar cage at 10 depth intervals.
At each strain gauge station, two strain gauges were
mounted on opposite sides of the pile separated by a
distance of about 2.1 m. The gauges were oriented to
be in line with the direction of loading.

For the static actuator tests, the load was applied at
a height of 0.53 m above the ground surface using two
actuators setup in parallel. A reaction pile with nearly
identical properties was installed approximately 8.5 m
from test pile in center-to-center. Two linear poten-
tiometers (LVDTs) were mounted to measure displace-
ments of the pile head at heights of 0.53 m and 1.34 m
above the ground surface. The lower LVDT located
at the point of the load application. Four load cells
on each of the two actuators provided a direct mea-
surement of the applied load. Additional details of the
static hydraulic actuator tests are provided by Rollins
et al. (2005a).

For the statnamic load tests the load was applied
at height of 1.31 m above the ground surface on the
shaft as shown in Figure 8. The statnamic load sled
weighed approximately 70 tons. Applied load and pile
head deflection were measured by a load cell on the pis-
ton of the statnamic device and LVDTs mounted on the
pile head, respectively. In addition, two accelerometers
were attached to the pile head and a string of downhole
accelerometers was installed to make measurements at
eight depths within an inclinometer cast into the test
shaft. Piezometers were installed at various distances
and depths around the test piles in order to measure
pore water pressure build-up and dissipation due to
blasting. The location and depth of each piezometer
for the statnamic testing are shown in Figure 9, and
the similar layout was used for the static test. Three
vertical arrays were installed on the circles with radii
of 1.83, 7.31, and 10.36 m from the center of the
test shaft. Piezometers identified with ‘‘A’’ and ‘‘B’’
in Figure 9 were standard piezoresistive and electri-
cal resistance transducers, respectively. The electrical
resistance transducers were more sensitive to damage
during blasting, and in fact, several transducers closest
to the explosive charges were damaged during blast-
ing while those further from the charges provided some
useful information. Additional information regarding
pore pressure transducer selection, installation, and
performance is provided by Rollins et al. (2005b).

Prior to the pile loading test, a pilot blasting lique-
faction test was performed at a location separate from
the foundation test sites for more accurate design of
specification of explosives necessary to produce liq-
uefaction. Based on the pilot test, the blast holes were
placed around radii of 3.96, 4.57, and 5.18 m as shown
in Figure 9. The first blast series on the inner circle
used a 680 g charge at 3.05, 6.10, 9.14, and 11.73 m

Figure 8. Test setup for lateral statnamic load tests.
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Figure 9. Plan view with layout of blast holes and
piezometers.

below the ground surface. The second blast series on
the middle circle used 907 g charges at depths of 4.57,
7.62, and 10.67 m, and the final blast series on the
outer circle put 680 g charges at the same depths as
in the first blast series. The charges and layout for the
actuator test were similar. The binary explosives were a
mixture of ammonium nitrate and nitro-methane, and
the weights are given in equivalent weights of TNT.
During each of the three blast sequences, the charges
were detonated two at a time with a delay of 250 mil-
liseconds between detonations. The blasts were started
at the bottom ring and then moved upward around each
subsequent ring to the top.

3.2.3 Examples of test results
Prior to the lateral load testing, the explosive charges
were detonated to induce liquefaction. The excess pore
water pressure ratios were developed using the read-
ings on each piezometer and calculated effective ver-
tical stress. A profile of the peak residual excess pore
pressure ratio (Ru) for each ring of piezometers is
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provided in Figure 10. The Ru values are typically
between 75 and 100% in the sandy soil layers, and are
bit lower in the sand clay layer at a depth from 1.5 to
3 m and in the sand layer at the bottom of the profile.

The load-deflection curves before and after the
detonation of the explosive charges, are compared in
Figure 11. It was obvious there is a significant decrease
in stiffness after liquefaction. This stiffness reduc-
tion of pile-soil system was also observed in Treasure
Island Liquefaction Test Mentioned above. Approxi-
mately 6 to 7 times more deflection was recorded at
the same level of lateral load as that prior to blast-
ing. This decrease of stiffness was somewhat less than
that observed in the Treasure Island experiments with
0.31 m diameter steel pile, and it may result from the
fact that the percentage of lateral resistance carried by
the large diameter shaft itself is much larger than that
for the smaller diameter piles. Because sand flowed
into the gap behind the pile generated during loading,
tensile load (negative load in Figure 11) was observed
when the test pile was pulled back to its initial location.

Although not shown herein, the maximum moment
for a given load after blasting increased by about
100% in comparison with the pre-blast value. Prior
to blasting, the maximum moment occurred at a
depth of about 6.1 m; however, after liquefaction, the
maximum moment occurred near the top boundary
of the Marl at a depth of 12.8 m. The profiles of
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Figure 10. Profiles of the peak excess pore water pressure
ratio.
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Figure 11. Lateral load-deflection curves for static load test.

bending moment and displacement along the pile
length were used to back-calculate p-y curves for the
liquefied sand. These curves were in good agreement
with p-y curves defined using the equation developed
for the Treasure Island project (Rollins et al., 2005c)
and multiplying correlation factor of pile diameter.
The equation was originally developed for 0.31 m
diameter piles and sands with Dr of about 50%, while
sands with a Dr of about 35% were found to produce
no resistance. The correlation factor for pile diameter
effect was 9.2 for the 8.5 times lager diameter pile.
The back-calculated p-y curves in this project were
used for non-linear pushover analysis with the com-
mercial software, LPILE plus version 5.0.12 (Reese
et al., 2000). The computed load-deflection curve is
presented in Figure 11 and reasonably agreed with the
test results.

The measured load on the load cell in the statnamic
device (Fstn) includes the contribution to load provided
by inertia, damping, and soil resistance. The area
inside the hysteresis loop in the load-deflection curve
indicates magnitude of damping; i.e. large area means
large damping. The damping forces can be derived
by subtracting the inertial and the soil resistance for
a lumped mass model from the measured statnamic
force. Because the acceleration time histories were
measured on the installed accel-erometers at certain
depths, and then, could be con-verted to velocity time
histories for each segment of the shaft by integrat-
ing acceleration time histories. The damping coeffi-
cient was also estimated based on the log-decrement
method. Although conditions after the statnamic load-
ing do not strictly correspond to ‘‘free-vibration’’
conditions, it is close enough for an estimation of the
damping ratio. Based on this approach the damping
ratio for the three statnamic load tests was found to be
between 0.30 and 0.35. Removing dynamic effect from
the statnamic test results, the interpreted static lateral
resistance versus deflection curve for the second stat-
namic test was determined and plotted in Figure 12
with hysteresis loops for the static test. Although the
curves are offset due to a difference in the initial
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starting point for the static load test, the slope of both
curves is remarkably similar. In addition, the shape
of the hysteresis loop for both curves is also similar.
These similarities suggest that derived damping ratio
from the statnamic test is reasonable.

3.2.4 Summary
The Cooper River testing program showed that con-
trolled blasting techniques could successfully induce
liquefaction to considerable depth using several lay-
ers of charges. Furthermore, the combination of con-
trolled blasting with the statnamic lateral load test
procedure provides useful information to evaluate the
dynamic lateral resistance of full-scale deep founda-
tions in liquefied sand.

The increased resistance provided by the 2.59 m
diameter test pile could be reasonably approximated
using the equations proposed for a 0.31 m diameter
pile with a diameter correction factor of about 9. The
interpreted static lateral resistance from the statnamic
test using a lumped mass approach was approximately
the same as the static lateral resistance measured in
hydraulic actuator tests on an adjacent test shaft at the
same site. The damping ratio for the 2.59 m diame-
ter drilled shaft in liquefied sand during the statnamic
testing was approximately 30 to 35%.

3.3 The Port of Tokachi, Japan

At present, two load conditions are usually consid-
ered for foundation design; that is, inertial and kine-
matic load conditions. The two projects mentioned
above were performed to obtain better understanding
for design under inertial load from seismic response of
superstructure, but these tests did not account for kine-
matic loading from permanent ground. In light of this,
several full-scale instrumented piles were subjected
to blast-induced lateral spreading in experiments car-
ried out in November and December 2001 in the Port
of Tokachi on Hokkaido Island, Japan. The overall
research effort of this project was lead by the Port and
Airport Research Institute, Japan (PARI), with a pri-
mary objective of assessing the performance against
lateral spreading of two different quay walls, which
were with seismic design and traditional design which
did not consider seismic effect. Totally 13 organi-
zations, including US universities and Japanese uni-
versities and industries made joint collaboration, and
installed their own specimens, such as soil-cement
columns of liquefaction mitigation, and pipe lines. The
test piles were installed in the zone of the traditional
design quay wall where larger lateral spreading was
expected. The area of the test site was about 4800 m2,
and about 880 kg of explosives were installed at 257
locations. More details of this project are available in
the literature (e.g. Sugano et al., 2002).

3.3.1 Site characteristics
The test site is composed of man-made hydraulic fill
without any ground improvement, built approximately
2 years prior to the experiment to expand port capacity
by. As a result, the soil is very loose and highly suscep-
tible to liquefaction. Figure 13 presents a typical soil
profile in the vicinity of the test piles, together with
in-situ test results, including standard penetration tests
(SPT), penetration tests (CPT), Swedish weight sound-
ing tests (SWS), and two downhole shear wave velocity
tests. Generally, the soil profile consisted of 7.5 m of
hydraulic fill, a 4-m layer of very loose to loose silty
sand, underlain by a 3.5-m layer of very soft lean to fat
clay with sand. 1 m of medium dense sand overlying
a very dense gravel layer underlay hydraulic fill. The
ground water table was approximately 1 m below the
ground surface. The SPT N-values for cohesionless
soils presented in Figure 12 were corrected for field
procedures and overburden pressure using the method
proposed by Seed and Harder (1990). The SPT N-
values for the clay layer were only corrected for field
procedures. Shear wave velocities of hydraulic fill was
less than 100 m/s, and indicated that its soil stiffness
was very low. The other soil properties, such as the
relative density and friction angle of the cohesionless
soils, and undrained shear strength of the clay, were
estimated from the results from SPT, CPT, and SWS
using correlation equations proposed in the literatures
(Figure 13).

Using a US criterion (Seed and Idriss 1971), lique-
faction susceptibility of the soils at the test site was
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Figure 13. Typical soil profile and characteristics at the
Tokachi liquefaction test site.
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evaluated. As a result, it was found that the first and
second sand layers below the water table are suscep-
tible to liquefaction, while the middle clay layer is
not liquefiable. In fact, the results of pile bending
moments in later sections indicate that only the sand
layer was liquefied, and the clay layer did not liquefy.

3.3.2 Test setup
A layout of the test site for the first experiment is shown
in Figure 14(a). The water elevation in front of the quay
wall was approximately +2.00 m, the same elevation
as the ground water table. The quay wall was sheet pile
type with tie-rods fixed to H-piles. This quay wall was
designed based on a traditional Japanese design with-
out consideration of the seismic effect. The ground
surface was at elevation +3.00 m from the quay wall
for 25.2 m, and began to slope upwards at 4%.

The test piles consisted of a single pile, a 4-pile
group, and a 9-pile group (see Figures 14 and 15).
The pile outside diameter was 318 mm with a wall
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Figure 14. Site layout of Tokachi liquefaction test.

thickness of 10.5 mm, a nominal length of 11.5 m,
and a yield strength of 400 MPa. Steel channels
(C 75 mm × 6.92 kg/m) with a yield strength of
400 MPa were welded to the steel pipe piles for strain
gage protection from damage during pile installation.
Three similar free-head single piles were also installed
in the area, labeled ‘‘W’’ in figure 15. The properties
of these piles were the same as the other piles, but the
pile lengths were shorter.

A diesel hammer was used for pile driving. The piles
were planned to be driven full length into the ground,
corresponding to about 3.0 to 3.5 m penetration into
the gravel layer to obtain a degree of fixity at the pile
tips. However, some of the piles could not be driven
to the desired depth due to the presence of the cob-
bles at the final depth. As a result, the pile lengths in
the groups varied between 10.2 m and 11.5 m as sum-
marized in the table in Figure 15. In the pile groups,
the piles were spaced at 3.5 pile diameters, center-to-
center, corresponding to 1.11 m. The pile heads were
fixed against rotation by reinforced concrete pile caps
based on typical Caltrans design practice.

Explosives were placed in the 6.0 m square grid
pattern as shown in Figure 14. Charges were installed
at depths of 3.5 m and 7.5 m below the design ground
surface. The mass of charges was usually from 3 to
5 kg, but was reduced to 2 kg near the pile specimens
in order to prevent damage on the large number of
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instruments installed in the vicinity from
huge acceleration generated by blasting. The sequence
of the primary blasting in the area surrounded by sheet
piles is also shown in Figure 14. The blasting interval
between two adjacent blast holes was approximately
0.75 seconds, with a total elapsed time of approxi-
mately 35 seconds. Immediately following the primary
blasting, the secondary blasting was made by detona-
tions of explosives placed around the perimeter of
the test site with the time interval between each blast
hole of 1 second. The purpose of these explosives
was to liquefy the soil in the vicinity of the sheet pile
to minimize boundary effects, and promote lateral
spreading of soil liquefied by the primary blasting.
Approximately 20 seconds after the completion of the
secondary blasting, additional explosives were deto-
nated to break the tie-rods of the quay wall, which
allowed additional movement of the soil within the
test area.

About one month after the first test, the second lat-
eral spreading test was carried out with the same test
piles and instrumentation from the first experiment
still in place. The second blast test was performed
in an attempt to induce additional ground deforma-
tions and further evaluate the performance of the piles
subjected to a larger soil deformation. The test site
for the second lateral spreading test was modified from
the first test to make larger spreading; i.e. removing
the quay wall and sheet piles surrounding the test site,
and steepening the slope to 6% (Figure 14 (b)). The
locations of the blast holes in the second test are shown
in Figure 14 (b), and charges were installed at depths of
4.0 m and 8.0 m below the design ground surface. The
amount of the charges varied from 2 kg to 4 kg. The
explosives under the steep slope (S1 to S5) were det-
onated first, and approximately 15 seconds later, the
primary blasting sequence was initiated at the rear of
the embankment and proceeded sequentially towards
the waterway. The weather during the second test was
quite poor, with a heavy snowfall and strong wind,
and then, the ground was frozen to a depth of approx-
imately 0.20 m below the surface. The frozen ground
would likely impede lateral spreading. In an attempt
to mitigate this problem, jackhammers were used to
break up the frozen ground into small blocks in the
vicinity of the test piles.

3.3.3 Examples of test results
GPS units were used to monitor the movements of both
the ground surface and test piles during lateral spread-
ing (Turner 2002). An example time-history of soil
movements on the up-slope side of the 9-pile group
(GPS-1C in Figure 15) in the longitudinal, transverse,
and vertical directions, is presented in Figure 16 (a),
with Ru near the GPS unit (PPT-AB-4 m). It was found
that, once Ru reached about 50% (at about 10 seconds
after the blasting), the soil mass began to translate
toward the quay wall. As the blasting approached the

GPS unit, short period responses in all directions due
to blasting impacts were observed as sharp spikes on
the displacement time-histories. The rate of longitu-
dinal movement between 10 seconds and 27 seconds
was fairly constant at about 1 cm/second. Beyond 27
seconds, the effect of dynamic force from the blasting
was not important because the blasting past the loca-
tion of the GPS unit as indicated by the insignificant
movements in the transverse and vertical directions.
However, the rate of movement in longitudinal direc-
tion still kept about 1 cm/second for another 5 seconds.
Around 32 seconds, the lateral movement became sat-
urated. An increase in soil movements at 40 seconds
was due to the effect of secondary blasting around the
sheet pile wall. Figure 16 (b) presents the displacement
path of the GPS unit in the horizontal plane. This figure
shows the horizontal movement mainly occurred in the
longitudinal direction towards the quay wall.

In the first test, the average displacement of the soil
on the up-slope side of the pile groups was approx-
imately 30 cm, while the soil movement between
groups was approximately 30% greater than that of
the up-slope soil movement with a magnitude vary-
ing between 40 and 43 cm. This fact implied that
the movement of the up-slope soil was impeded by the
pile foundations, and then, the soil movement between
the pile groups likely represented a ‘‘free-field’’ soil
displacement with no interference from pile founda-
tions. Longitudinal soil surface movement generally
decreased with distance from the quay wall. The pile
head displacement of the single pile was 32 cm, while
the 4-pile group and the 9-pile group, moved about
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21 cm and 18 cm, respectively. The movements of
both pile groups were approximately about 50% of
the free-field soil movement in the vicinity of the test
piles. The pile groups with a fixed-head condition
moved less than the free-head pile due to the effect of
pile head restraint in the groups contributing to resist
the moment induced by the lateral soil pressure.

In the second test, the horizontal soil movements
on the up-slope side were significantly lower than in
the first test with an average value of 15 cm. This
is likely because the soil during the second test was
frozen with less susceptibility of liquefaction, and the
duration of blasting was significantly shorter than in
the first test. Similar to the first test, the magnitude
of soil movement generally decreased with increasing
distance from the waterway. Soil movement observed
between the pile groups was 46 cm in maximum. The
deflections of the top of the single pile, 4-pile group
and 9-pile group were slightly less than in the first
test with magnitudes of 28 cm, 18 cm and 16 cm,
respectively.

Using the records on the strain gauges attached to
the test piles, the curvatures along the length of the
piles could be calculated, and the moments in the piles
corresponding to maximum displacements could be
determined from the moment-curvature relationship of
the test piles. All the strain gauge readings were initial-
ized to zero before each test. Assuming zero relaxation
strain between the first and the second tests, the strains
measured in the second test were added to those mea-
sured in the first test to obtain the total strains and
curvatures, as well as the total bending moments in
the second test. Though not shown herein, the lateral
soil reactions were then back-calculated by double dif-
ferentiating the moment data. The pile rotations and
pile displacements were obtained by single and double
integration of the curvature data, respectively. Since
the strain data was discrete, interpolation was neces-
sary. In this analysis, polynomials of an appropriate
order were used to fit the experimental moment curves.
Profiles of rotation, deflection, and moment at the end
of the first and the second blast tests are summarized
in Figure 17. The solid and dotted lines in the moment
profiles represent curve interpolated for the first and
second tests, respectively.

Because of free-head condition of the single pile,
the moments at the head were zero. The maximum
moment occurred around the boundary between the
medium sand and the dense gravel layers at a depth
of about 9 m. The moment profiles indicate that the
single pile yielded during the second test with the plas-
tic hinge length of more than 1 m. The moment was
insignificant through the top 4 m of the very loose liq-
uefied sand layer, indicating that the resultant force on
the pile produced by the liquefied soil was negligible.
Below the liquefied soil layer, the moment increased
with depth for the next 3.5 m, through a soft clay layer.
Though the Ru in this layer also reached 100%, the clay
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Figure 17. Profiles of displacement, rotation, and moment
along the piles; a) single pile, b) 4-pilegroup, and c) 9-pile
group.

layer behaved differently from the liquefied sand at the
top 4 m; i.e. the positive bending moment along the pile
soil began rising up in this layer, and became larger in
depth. The second sand layer (-7.5 to -8.5 m) was also
liquefied and may provide zero resisting force to the
pile as similarly to the first sand layer, but the profiles
could not verify it obviously. This is likely because
this layer was so thin that very limited strain gauge
data was not able to capture this phenomenon. The
back-calculated pile head rotations and pile head dis-
placements of the single pile were in good agreement
with the measurements obtained from both blast tests.

The moment, calculated rotation, and deflection
profiles of pile No. 8 in the 4-pile group and pile No. 6
in the 9-pile group (see Figure 14) are also presented
in Figure 17. In the moment profiles obtained from the
first and second experiments, negative moments were
observed at the pile head. These negative moments
were due to the effect of pile head restraint at the
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connection between the pile head and the cap. The
maximum moment occurred at a depth of 9 m below
the ground surface as in the case of the single pile,
but the magnitude of the maximum moment was
significantly less than that of the single pile because
rotational restraint at the connection. Based on the
moment data, all piles in the groups did not reach at
yielding, and were in elastic.

Though the maximum positive moments in the sec-
ond test were greater than that of the first test, the
negative moments at the pile heads in the second test
were very similar to the first test. It implied that the
rotational restraint at the connection was yielded in
the first test, and the connection could not take larger
moment any more. In fact, spalling of surface concrete
at the connection was observed during excavation for
inspection of in-ground condition of the piles. Slight
decrease of the moment at the pile head in the sec-
ond test may be due to the loss of surface concrete at
the connection. The pile moment distribution between
depths of 1 and 4 m, corresponding to the depth of
the very loose liquefied sand layer, was approximately
constant, resulting in zero reaction acting to this por-
tion of the pile. This finding agrees well with the
previous conclusion obtained from the single pile case.

The back-calculated displacement profiles of both
pile groups were approximately 25% and 35% lower
than the measured values for the first and second
tests, respectively. This may be because some trans-
lation and/or rotation at the pile tips had occurred
during the tests, while both were assumed to be zero
in the back-calculation. It can be reasonable explana-
tion because the amount of rotations at the pile tips to
match the measured displacements at the pile cap of the
9-pile group was small, about 0.2 and 0.5 degrees for
the first and second tests, respectively.

The back-calculated pile head rotations of the
9-pile group were significantly higher than the mea-
sured ones, especially in the second test. As mentioned
above, rotational restraint at the pile-cap connection
reached at yielding, and then, some rotation at the pile
head underneath the pile cap was allowed resulting in
a jump of rotations between the pile cap and the pile
heads.

After completion of the tests, the soil surrounding
the pile caps was excavated to investigate the struc-
tural damage conditions. A little concrete spalling sur-
rounding the pile heads was observed, indicating that
some rotations between the piles to the pile caps might
occur as mentioned earlier. No pull-out of piles from
the pile cap was observed on the connections of both
pile groups though both pile groups experienced the
total movements of nearly 40 cm.

3.3.4 Summaries
The Tokachi experiments demonstrated that controlled
blasting could successfully induce steady permanent
slope deformations as a result of pore-pressure build

up, similar to lateral spreading, with little affect on the
foundations from the blasting itself.

The magnitudes of free-field soil displacements
around the test piles were 40 cm for both tests. Insignif-
icant moment along the piles in the liquefied soil layer
indicated that liquefied soil layer generated negligible
reaction force to the piles. The moments developed
in the piles were caused by the mobile soft clay
layer underlying liquefied layer, which imparted driv-
ing forces to the piles, while the dense gravel layer
provided resisting forces.

Rotational restraint at the pile cap led to a stiffer
response, which resulted in the smaller in-ground max-
imum moment along the piles, as well as smaller pile
head displacement when compared to the single pile
with free-head condition.

The single pile yielded at the end of the second
test. The piles in both of the 4-pile and 9-pile groups
remained elastic. Little concrete spalling was observed
at the pile to pile cap connection at the end of the
second test, indicating that some rotations between
the piles to the pile caps might occur.

3.4 The Port of Ishikari, Japan

This blast-induced liquefaction experiment was car-
ried out by PARI, Japan in the fall of 2007 to evaluate
seismic performance of airport facilities, effective
design of liquefaction mitigation, applicability of
non-destructive evaluation methods detecting voids
beneath pavement induced by liquefaction, and so
forth. The location of the test site was the coastal port
of Ishikari in Hokkaido Island on the northern-Sea
of Japan. This research effort was mainly supported
by the Ministry of Land, Infrastructure, and Trans-
portation, of the Government of Japan. Totally, 30
research works were made by 47 research groups con-
tributing to this project. The plan view of the test
site is shown in Figure 18. Oregon State University
(OSU) and United States Geological Survey (USGS)
were ones of participants in the project, and mea-
sured liquefaction-induced ground settlement using
scanning system, called LIDAR.

Terrestrial LIDAR technology is a revolutionary
tool for characterizing fine-scale changes in topog-
raphy (e.g. Kayen & Collins 2005). This technology
is a natural extension of laser range finder systems
or electronic distance meters (EDMs) commonly used
in survey applications. A laser beam systematically
scanned over target areas to acquire the precise dis-
tances to objects. The laser repeatedly shot pulses of
light at each rotation point of the scanner, sending light
to reflect off an object and back to the scanner. The
pulse hits the object and the ground scattered a por-
tion of the light back to the scanner sensor. Timing the
two-way travel time of light of each laser pulse allows
for the determination of range. A spherical coordinate
system is initially used to map the targets, and then
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Figure 18. Site layout of Ishikari liquefaction test.

data are converted to a Cartesian scanner coordinate
system centered on a scanner instrument datum.

In this paper, the LIDAR investigation and the abil-
ity to measure deformations throughout the study area
are described. More information of entire project will
be published in future (PARI, 2009).

3.4.1 Site characteristics
Soil profile at the test site consists of reclaimed sand
dredged from Ishikari Bay underlain by alluvial soils
about 5 to 6 m deep from ground surface. The reclaimed
sand layer was loose with 10 to 20% of fines content
and 1 to 8 of N-values. Below the reclaimed surface
layer, several types of the alluvial soil layers lay; i.e.
the upper and the lower alluvial sand, and the allu-
vial clay layers. N-values and thicknesses of this sand
layer were from 3 to 12, and 1 to 5 m, respectively. In
the southwestern portion of the test site, coarse gravel
with 60 to 500 mm in diameter was included in the
upper alluvial sand layer, and N-values of the layer
widely varied from 3 to more than 50. The third layer
was the 13 to 16 m thick lower alluvial sand layer with
8 to 20 of N-values underlain by the alluvial clay. The
underground water table was found about 2 to 2.5 m
from the ground surface. Figure 19 shows an example
of boring logs in the southwestern part of the site with
coarse gravel in the top alluvial sand layer.

3.4.2 Field measurement
The engineering application of LIDAR in the Ishikari
liquefaction project focused on mapping the PARI tar-
mac test site for vertical changes of the ground. Ter-
restrial LIDAR technology was used for the measuring
the topography of the test sites before the blast, imme-
diately after the blast, 1 day after, two days after, three
days after, and ultimately 5 months after the event.

The USGS LIDAR system used in this project is
manufactured by Riegl and is based on near-infrared
YAG laser transceiver. The systems are portable (the
units weigh 15 kg plus the weight of accessory cables,

Figure 19. Typical soil profile at Ishikari liquefaction test
site.

Figure 20. Scanning laser set up on the top of the embank-
ment.
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tripod, battery and laptop) and designed for the rapid
acquisition of high-resolution 3-dimensional imagery.
The maximum distance to targets is about 700 m for
the Riegl under the best atmospheric conditions and
is dependent on the reflectivity of the given target.
For this study, the maximum target distance was much
shorter than the maximum range of the units, and
the minimum target distance is 2 m, the distance to
the ground from a tripod-mounted system. The range
accuracy is consistently about 15 mm for the Riegl
at the range of interest in this study. The laser beam
divergence angle is 3 milliradians, meaning that at a
range of 10 m, the beam footprint is approximately
30 mm across. Because of the footprint size, the shots
are ideally spaced 3 milliradians apart. The position of
the center of the footprint is measured to a precision of
0.17 milliradians by an encoder. The angular position
of the laser-pulse leaving the scanner is controlled by
precise servo-motors within the units.

The USGS scanners (Figure 20) have a single scan
sweep from 336◦–360◦ horizontally and 80◦ vertically
for the two Riegl scanners used in the project. The
scanners take several hundred thousand to several mil-
lion individual x, y, z position measurements, at a rate
of 8,000 points/second, and the time required for a
scanning can range from 45 seconds to 6 minutes,
dependent on resolution used. LIDAR systems also
have the ability to collect real color object data. The
USGS system records a single pixel of color for each
laser footprint assigning the pixel color to each point
in the point cloud. To image the tarmac surface, the
scanner was mounted on an elevated platform adja-
cent to the test site. In general, a tripod was placed
on the ground (Figure 20). However, 3-dimensional
laser scanners cannot image behind objects, and the
first object encountered casts a shadow over objects
behind it. At low grazing-angles away from the scan-
ner, the laser path angle decreases to only several
degrees and proportionally larger shadows are cast
on the ground behind the target. To minimize shadow

Figure 21. A 20 m cherry-picker used to make several scans.

zones and get full coverage of the target surface, the
scanner was elevated as much as possible over the
tarmac. Therefore, a cherry-picker hoist was used to
elevate the scanner 20 meters above the ground for
collection of some of the imagery (Figure 21).

Also, the sensor was moved around the tarmac for
multiple setups because area behind objects would be
shadow and multiple scans from several different view
points are needed to remove shadow and make more
accurate 3-dimensional imagery. Manipulation of that
data is performed with specialized surface modeling
software and a computer with high-graphics work-
station speed and memory. The system used in this
project utilizes two surface modeling software pack-
ages, I-SiTE Studio (I-Site Pty. Ltd) and RiSCAN
Pro (Riegl Co.). These software packages collect the
scan point-cloud data and can process multiple scans
into geo-referenced surfaces. An example of image
composite from multiple scans is shown in Figure 22.

3.4.3 Examples of scanned results
An oblique image of the study area immediately after
the blast experiment can be seen in Figure 23 with the
lower corner (to the left of the words ‘‘scan point’’)
of the tarmac settled and flooded with liquefied soil.
In order to produce difference maps of the tarmac to
measure settlements, surface models were produced
from each day data set. The pre-scan LIDAR data was
used as a control on the experiment to measure the
ground settlement. A series of standard processing
steps is followed to produce a surface model. First,
the individual scans were assembled in a data folder.
The coordinate system for an individual scan centers
the data set about the scanner origin. Then, multiple
scans are merged together by (1) assigning one scan
as the fixed registered reference, with scanner origins

Figure 22. Laser image composite from multiple scans of
the Ishikari test site.
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Figure 23. An oblique image with the circular no-data area
below scan location.

of x = 0, y = 0, z = 0, and then (2) referencing the
other scans to it using a least-squares ‘‘best-fit’’ match
between scan points or reflectors. The transformation
of the data from scanner coordinates to project coordi-
nates requires a linear 3-dimensional translation of the
data from one point to another, and rotation of the data.
To adjust the data to a global coordinate system (e.g.,
WGS84), reflector targets and scanner positions in the
merged data set were precisely surveyed with a dif-
ferential global positioning system (DGPS) and these.
Again, transformation to global coordinates requires
data translation and rotation. Filters are then utilized to
eliminate unwanted data. For example, filters can be
used to remove vehicles, people, barricades, and vege-
tation to observe the bare earth. The filtered point-data
can then be ‘‘segmented’’ to differentiate discrete sur-
faces from each other and from complex objects like
trees and brush. When the data are filtered, surface
models can be rendered. Multiple processed surfaces
are used to measure change of volumes, areas, and
distances.

Settlement map of the tarmac area scanned on the
day of the blast experiment is shown in Figure 24.
There were three distinct zones at the tarmac test
site, unimproved, grouting with different depths of
improvement. The southwest portion of the tarmac
was unimproved ground, and suffered maximum set-
tlements of between 0.25 m and 0.40 m. A probability
distribution function (PDF) of settlements shows a
peak in the range of 0.25-0.40 m for this area. The
deformations in the unimproved area are not signifi-
cantly effected by the perimeter of the tarmac as can
be seen in the random contours at the margins of this
area. The central and northeast zones were ground
stabilized with compaction grouting or grout injec-
tion with different depths of improvement. Both zones
had maximum benefit from the grouting in the cen-
ter of the improved area, and both sections did well to
minimize settlements. It implies the chemical grouting
and the compaction grouting seem comparable ground
improvement methods against liquefaction-induced
settlement, and the deeper grouting on the bottom
center had quite little benefit relative to the shallower
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Figure 24. Settlement map of the test tarmac.

grout injection zone on the top center of the figure. In
the central portion of each improved zone, the ground
appears to have not settled at all. The grouted zone
in the PDF is associated with the peak centered about
0.0 m and extending from +0.0 m to -0.08 m. Set-
tlements at the perimeter of the improved areas may
indicate that these areas, closer to the actual blast
charges may indicate the soil beneath the center of the
improved zone did not liquefy. The settlements near
the margins of the improved zone may better reflect
the likely settlements during an actual earthquake. The
valley of settlement between the two improved ground
zones probably reflects a bridging of the tarmac over
the unimproved zone. In the PDF, the peak associated
with this topographic valley ranges from −0.12 to
−0.18 m. In the absence of the grouted zones adjacent
to the valley, and the bridged tarmac, this zone should
have settled more. It is possible be that voids devel-
oped beneath this zone of bridged pavement between
the two improved zones.

3.4.4 Summary
While the results are still being analyses, the Ishikari
project demonstrated the usefulness of Light Detection
and Ranging (LIDAR) to map deformations result-
ing from liquefaction. Several laser scanners were
deployed at the site before the blast, immediately fol-
lowing the experiment, and at intervals 1, day, 2 days,
3 days, and 5 months after the blast. LIDAR suc-
cessfully mapped the deformations of ground due to
blast-induced liquefaction at the site, and these results
bear directly on the effectiveness of the ground reme-
diation used at the site. The unimproved test site had
settlements of between 0.25 m and 0.40 m, while the
improved ground with injection grouting had negative
settlements (uplift) of several centimeters in the cen-
ter of the test area and increasing settlements to the
edges of the improved zone. The tarmac behaved as a
flexible mat that interacted with the liquefied soil to
dampen the effect of the settlements.
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4 CONCLUSIONS

Over the past decade, several full-scale experiments
using controlled blasting techniques were conducted
in order to study the seismic performance of pile
foundations and structures subjected to liquefaction
and lateral spreading. In all of the projects discussed
above, controlled blasting successfully liquefied the
soil and, where desired, induced lateral spreading. The
response of soil and structures were measured using
various types of instrumentation, with some examples
of data obtained during the tests briefly described in
this paper. In all cases, something new was learned
from each study.

Liquefaction and lateral spreading are complex
phenomena, and some questions remain on how accu-
rately controlled blasting replicates the process of
earthquake induced liquefaction. Nevertheless, the
full-scale blasting experiments conducted over the
past decade have proven to be reliable complement to
others types of physical modeling, and is still the only
effective method of gaining insight at the field level
on the effect of liquefaction and lateral spreading on
deep foundations.
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Lessons learned from sampling and CPT in silt/sand soils

A.B. Huang
National Chiao Tung University, Hsin Chu, Taiwan

ABSTRACT: Recent studies on the liquefaction behavior of sand and silt mixtures have covered a wide range
of gradations. The term silt/sand or M/S is proposed as an inclusive abbreviation of soils that can span from
clean sand, silty sand to pure silt. Earlier studies related to M/S soils have concentrated mostly on laboratory
tests using reconstituted specimens. The author used Laval and gel-push sampler to retrieve high quality M/S
samples at test sites in Central and Southern Taiwan. Piezo-cone penetration tests (CPTU) were conducted at the
test sites concurrent with the field sampling. Results from natural undisturbed samples and field CPTU showed
that the effects of fines are much less significant than what have been revealed from reconstituted soil specimens
or field observations. CPTU in heterogeneous alluvial soil can be a drained test even with high fines contents.
The age of natural soil deposit may reduce or nullify the effects of fines as we have learned from laboratory tests
using freshly reconstituted specimens.

1 INTRODUCTION

Studies on the effects of fines (soil particles passing
#200 sieve) on cyclic behavior of granular soils have
included a wide spectrum of gradations that span from
clean sand, silty sand, clayey sand, sandy silt to pure
silt. The unified soil classification of these soils can
vary from SP, SW-SM, SM, SM-SC to ML, depend-
ing on the amounts and characteristics of the fines.
The term silt/sand (M/S) is proposed to serve as an
abbreviated term to describe inclusively, granular soils
with a possibility of some cohesion and wide range of
gradations.

Researchers have generally agreed that as fines con-
tents exceed 5%, the relative density ceased to be a
reliable index to predict liquefaction potential (Seed
et al., 1985; Ishihara, 1993). There is still a lack of
consensus as to what role the fines contents plays
in relation to liquefaction. Some studies showed that
the fines content has a stabilizing effect, while others
indicate no effect, and still others claim a destabiliz-
ing effect. The situation is more complicated when
the cyclic strength of M/S soils is inferred from in-
situ test results under the framework of simplified
procedure. The available correlations used in the sim-
plified procedure are empirically derived mainly from
field observations of soil behavior following earth-
quakes. There can be uncertainties in the observations
such as depth of liquefied deposit and acceleration
magnitudes.

In comparison with clean sands (fines contents less
than 5%), studies on liquefaction of M/S soils have
been relatively limited. These studies have mostly
been concentrated on laboratory tests on reconsti-
tuted specimens. The M/S specimens were often made

of mixtures of clean quartz (e.g., Ottawa) sand with
crushed silica, kaolin or other types of natural silt.
These mixtures of sand and fines, or gap graded arti-
ficial soils have been compared to those of coarse and
fine spherical grains (Lade et al., 1998), or a binary
packing. Based on the binary packing, Thevanayagam
et al. (2002) proposed a series of void ratio indices that
relate the active grain contacts (i.e., the soil skeleton)
to threshold fines contents. For M/S soils under the
same void ratio, and fines content below the threshold
value, cyclic strength decreases with fines content.
This trend is reversed when fines content exceeds the
threshold. As the diameter ratio of the coarse grains
over that of the fine grains exceeded approximately 7,
one can expect a bilinear correlation between the min-
imum void ratio (emin) and fines content. The emin
reaches its lowest value as the fines content approaches
30%, as conceptually described in Figure 1.

Figure 1 implies that as fines content approaches
30%, the binary packing becomes unstable unless the
grain mixture is in a denser state (hence lower void
ratio). Thus the threshold fines content should cor-
respond to that when the packing is at its least stable
state, provided the M/S soil gradation is close to binary.
Some of the studies on artificial silty sand specimens,
mostly of silica in nature, have demonstrated that the
threshold fines content, generally ranged from 25 to
45% (Koester, 1994; Polito, 1999; and Xenaki &
Athanasopoulos, 2003). The tests on artificial, gap
graded soil samples provided a scientific basis to
describe the potential trend of M/S soil behaviors and
their relationship with fines contents. It is question-
able however, if soils with blends of these kinds of
mineral contents and gap gradations exist in natural
soil deposits. There has been convincing evidence
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to demonstrate that how the M/S specimens were
reconstituted can significantly affect their undrained
strengths (Huang et al., 2004; Yamamuro & Wood,
2004). Studies have also showed that regardless of
fines contents, the reconstituted specimens are not
able to duplicate the stress-strain and strength behav-
ior of natural M/S soils (Ishihara, 1993; Høeg et al.,
2000; Huang & Huang, 2007).

Due to the cost and difficulties involved in undis-
turbed sampling in cohesionless soils, the cyclic resis-
tance ratio (CRR) required for liquefaction potential
assessment has been inferred from empirical corre-
lations between CRR and field test results under the
framework of simplified procedure (Youd et al., 2001).
The cone tip resistance (qc) has been an important
option among the available field test results used in the
simplified procedure. The CRR-qc correlations have
generally been established according to field observa-
tions. Although different in magnitude and/or format,
most available CRR-qc correlations for silty sand sug-
gest that a given CRR should correspond to a lower
qc or qcIN (qc normalized to an effective vertical stress,
σ ′

v of 100 kPa ) as fines content increases (e.g., Stark &
Olson, 1995; Robertson & Wride, 1998). Thus, an
adjustment of qcIN is required when CPT is used for
liquefaction potential assessment in silty sand under
the simplified procedure. Despite of the significant
impact of fines content adjustment on the outcome
of liquefaction potential assessment, little explanation
has been offered to justify such adjustment (Ishihara,
1993; Youd, 2001).

In his earlier research efforts, the author performed
a series of laboratory tests using Mai Liao Sand
(MLS). The natural MLS with a total weight over
10 metric tons was washed through a #200 sieve to
separate the coarse from fine particles and then kiln
dried. Soil specimens were reconstituted by mixing
sieved MLS with desirable fines contents. The labo-
ratory tests performed included undrained monotonic
and cyclic triaxial tests and calibration chamber cone
penetration tests on specimens with fines contents
ranged from 0 to as much as 50%. MLS represents a
typical M/S soil deposit in Central Western Taiwan.
The sand particles originated from grinding of shale,
slate and sand stone as these rocks were washed away
from the central mountain range towards the Taiwan
Strait. Due to the nature of parental rock, MLS grain
shapes are mostly flaky. Affected by its mineral con-
tents, the MLS is significantly more compressible then
typical clean quartz sand reported in literature (Huang
et al., 1999). The cyclic strength of reconstituted MLS
decreased consistently as the fines contents increased
from 0 to 50% (Huang et al., 2004). By comparing the
CRR, shear wave velocity (Vs) from triaxial tests and
qc from CPT calibration tests in reconstituted spec-
imens with comparable fines contents, density and
stress states, it was possible to verify the CRR-qc as
well as CRR-Vs correlations by direct comparisons for
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Figure 1. Effects of fines on void ratios (after Lade et al.,
1998).

MLS (Huang et al., 2005). The results showed that the
effects of fines on CRR-qc and CRR-Vs correlations
are significantly less than what has been suggested in
currently available simplified procedures (Youd et al.,
2001). Results from tests on MLS also suggest that the
fines content affects the CRR-qcIN correlation mainly
through its influence on the drainage conditions during
CPT (Huang et al., 2005). For tests in MLS with fines
content, FC = 0 and 15%, CPT was essentially drained.
The qcIN adjustment became significant only when the
fines started affecting the drainage conditions in CPT.
The laboratory calibration of CRR-qcIN correlation in
MLS suggested that a more effective qcIN adjustment
scheme should be based on CPT drainage conditions
rather than fines content.

Campanella et al. (1981) demonstrated the partial
drainage characteristics of piezo-cone penetration
tests (cone penetration tests with pore pressure mea-
surement, CPTU) in clayey silt. By reducing the
penetration rate from 20 mm/sec to 0.2 mm/sec, the
pore pressure induced by cone penetration was sig-
nificantly reduced. This penetration rate reduction
resulted in a twofold increase of the effective qc.
The less pore pressure generation was apparently
due to higher level of consolidation when penetra-
tion rate was reduced. The rate of consolidation for
soil surrounding a cone tip is inversely proportional
to the square of the cone diameter (Robertson et al.,
1992). Therefore, changing the cone diameter can also
duplicate the effects of penetration rate. McNeilan &
Bugno (1984) reported their experience of CPT in
offshore California silts. There was a 2 to 5 minute
delay for recycling the underwater jacking unit when
pushing the cone from seabed. At the start of the subse-
quent push, temporarily greater qc and sleeve friction,
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Figure 2. Soil profile at the Yuan Lin test site.

fs were measured. The increase in qc and fs were
referred to as setups by McNeilan & Bugno (1984).
The setup generally diminished with further pene-
tration. For the duration of delay between recycling
the jacking unit in their offshore CPT, silt and sandy
silt had the most significant setups while CPT in
clayey silt had essentially no setup. McNeilan &
Bugno (1984) indicated that CPT may be considered
drained when the hydraulic conductivity of the sur-
rounding soil exceeded 10−3 cm/sec. For CPT in soils
under the same density and stress states, the qc value
decreased as CPT became partially drained and even-
tually reached a stabilized value when CPT became
undrained with hydraulic conductivity in the range
of 10−6–10−7 cm/sec. The reason for setups is that
partial drainage caused a lowered qc due to pore pres-
sure accumulation. The 2 to 5 minute delay was long
enough for the sandy silt to dissipate pore pressure
and increase its strength against cone penetration or
generate the setup. The same delay time was not suffi-
cient for clayey silt to allow significant pore pressure
dissipation and thus no measurable setup in the sub-
sequent penetration. For onshore CPTU, the delay can
be allowed for as long as it takes to complete a pore
pressure dissipation test. In this case, the existence
of setup following the dissipation test can be used to
evaluate the silty nature of the surrounding soil had
the CPTU is indeed partially drained.

Because of the controversies on the issues of fines
content effects and the importance of testing M/S
soils in its undisturbed or natural state, the author
embarked on a series of attempts to obtain undis-
turbed soil samples and evaluate characteristics of
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Figure 3. Soil profile at the Kao Hsiung test site.

Table 1. Physical properties of YLS and KHS.

Soil Yuan Lin Soil (YLS) Kao Hsiung Soil (KHS)

FC,% 18 43 89 5 21 22 61
Gs 2.72 2.73 2.75 2.74 2.71 2.70 2.73
L.L.,% 21–40 Non-plastic
P.L.,% 8–28 Non-plastic

field CPTU in M/S soils. A test site was established in
Yuan Lin Township of Central Taiwan and another
test site in Kao Hsiung City of Southern Taiwan.
As shown in Figures 2 and 3, the soil deposit at
both test sites were characterized by a wide range
of fines contents, well suited for the terminology of
M/S soils. Tables 2 and 3 describe the basic physi-
cal properties and mineral contents of the soil grains,
respectively. For more details of the test sites, geolog-
ical background and physical properties of Yuan Lin
Soil (YLS) and Kao Hsiung Soil (KHS), please refer
to Huang & Huang (2007) and Lee et al. (2006). The
paper describes the practical techniques developed
for taking undisturbed samples in saturated M/S soils
and field CPTU at the test sites. The implications
in the characterization of M/S soils for liquefaction
potential assessment and other related performance
based geotechnical engineering analysis are discussed
in light of these studies.
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Table 2. Mineral contents of YLS and KHS.

Yuan Lin Soil (YLS)

Mineral Quartz Clinochlore Muscovite Feldspar
Coarse,% 62–70 13–16 12–14 3–8
Mineral Muscovite Clinochlore Quartz Feldspar
Fines,% 39–51 28–38 12–28 1–4

Kao Hsiung Soil (KHS)

Mineral Slate Quartz Siltstone Sandstone
Coarse,% 61–84 1–28 6–20 0–3
Mineral Illite Clinochlore Quartz Feldspar
Fines,% 30–66 22–26 5–32 4–16

2 UNDISTURBED SAMPLING IN M/S SOILS

Attempts of taking high quality samples of cohesion-
less soils from below ground water table can be traced
back by at least half a century (Singh et al., 1982).
Challenges involved in taking good quality sand samples
include prevention of the loss of sample during with-
drawal and damaging soil structure during transporta-
tion. These challenges are formidable unless the samples
were taken near the ground surface or by block sam-
pling. Many techniques have been experimented over
the years with different levels of success. Yoshimi et al.
(1977) is believed to be the first among the more recent
attempts in developing practical procedures of ground
freezing and dry coring for sand sampling. A col-
umn of sand is frozen in situ and then cored out of
the ground surface. Freezing of the bottom of sam-
pling tube to prevent loss of a saturated sand sample
during withdrawal was used by the US Corps of Engi-
neers (Singh et al., 1982). Ishihara & Silver (1977)
reported their efforts of taking large diameter Niigata
sand samples under ambient temperature. Upon with-
drawal, the sample was allowed to drain freely for a
period of 12–24 hours and then frozen by spraying the
sampling tube with liquid nitrogen. Researchers from
Japan and North America have generally considered
in situ ground freezing (Hoffman et al., 2000) and cor-
ing to be a superior method for obtaining undisturbed
samples of sand.

Provided drainage is not impeded and no change
in void ratio occurs during freezing, the in situ struc-
ture can be reserved. Studies have indicated that this
structure preservation is possible if free drainage is
allowed in at least one direction during freezing (Singh
et al., 1982). The reservation of soil structure is further
enhanced if freezing is conducted under a confining
stress (Yoshimi et al., 1977).

For M/S soils, especially when fines contents are
high, drainage can be significantly impeded in the
field. Ground freezing in M/S soil with high fines
content is prone to void ratio change due to heaving.

Also, ground freezing is very costly in comparison
with regular boring and piston sampling procedure. In
an effort to develop more cost effective techniques to
obtain high quality samples in M/S soils, the author
used Laval sampler and a gel-push sampler. In both
cases, the soil samples were taken under ambient tem-
perature. The Laval sampler was used to retrieve M/S
soils at the Yuan Lin test site. The gel-push sam-
pler was used at the Kao Hsiung test site to take M/S
soil samples. Details of the field sampling and sam-
ple preservation/packaging procedures are given in the
following sections.

2.1 Laval sampling

The Laval sampler as schematically described in
Figure 4 was developed at Laval University (La Rochelle
et al., 1981), originally for taking high quality sam-
ples in sensitive clay. The sampler is made of two main
parts; a sampling tube and an overcoring tube. To take
a sample, the drill rig pushes the sampling tube into
the bottom of the borehole while rotating the overcor-
ing tube. The steel teeth and cutters were located at
20 mm behind the bottom of the sampling tube. Dur-
ing penetration, the head valve was kept open to allow
drill mud circulation and thus removal of soil cuttings.
The Laval sample can be 450 to 550 mm long. After
a waiting period of 5 to 30 minutes, the head valve
was closed and the bottom of the sample sheared by
rotating the inner rod. The sample was then retrieved
to the ground surface.

A Longyear 38 drill rig was used to prepare the
borehole and operate the Laval sampler. The boreholes
were extended by a 330 mm diameter fishtail device.
The soil cuttings were removed with a mud flow that
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Figure 4. Schematic view of the Laval sampler (after La
Rochelle et al., 1981).
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consisted of a mixture of bentonite and barite. The
density of the drill mud was maintained between 1.1
and 1.3 times that of water. After reaching the sam-
pling depth, the fishtail device was removed from the
borehole to give room for the Laval sampler.

Samples taken from soil layers expected to have
medium or high fines contents were extruded on site.
The sample was cut with a wire saw into 120 to 180 mm
long segments and placed on a pre-waxed wooden
board. The sample along with the wooden board was
then wrapped in three layers of wax and two layers of
plastic film. The sealed samples were kept in a mois-
turized container during transportation and laboratory
storage.

The samples taken from soil layers expected to
have low fines contents (fines contents less than 30%)
remained in the sampling tube and kept vertical until
it was completely frozen. A procedure referred to as
the unidirectional freezing reported by Konrad et al.
(1995) was followed to solidify the sample without
causing volume change. The soil along with the sam-
pling tube was placed in a Styrofoam lined wooden
box and gradually frozen from top of the sample
by dry ice at −80◦C. A backpressure equal to the
water head within the sample was applied by means
of nylon tubing connected to the bottom of the sample
to ensure that no water can drain under gravity. The
bottom drainage and backpressure assured pore water
drainage only due to water volume expansion during
freezing. The amount of expelled water and tempera-
ture at the bottom of the soil sample were monitored
as the freezing progressed. The freezing process took
15 to 24 hours, upon which the temperature at the
bottom reached below 0◦C. Figure 5 depicts a record
of time versus expelled water volume and tempera-
ture measured at the bottom a soil sample. The frozen
samples were stored in a freezer during shipping and
laboratory storage until the time of shearing test.

2.2 Gel-push sampling

The gel-push sampler developed in Japan (Tani &
Kaneko, 2006; Lee et al., 2006) as schematically
shown in Figure 6 is a modified version from a 75 mm
Osterberg piston sampler (also known as a Japanese
sampler). A skid mount drill rig was used to perform
the drilling and sampling operation. Bentonite drill
mud was used to stabilize the borehole. Sand sample
was taken by pushing the gel-push sampler as typ-
ically done for piston sampling in clays. Because of
the high frictional resistance in granular soils, it is usu-
ally not possible to retrieve sand sample by pushing.
The gel-push sampler injects a water soluble poly-
meric lubricant (the gel) from the sampler shoe to
facilitate push sampling. A shutter located at the tip of
the sampler remained open during pushing. A slight
reverse motion by injecting water into the gel chamber
triggers the closure of the shutter before the sample
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Figure 6. Schematic views of the gel-push sampler (after
Lee et al., 2006).

is retrieved. The closed shutter prevents the sample
from falling during withdrawal. Upon withdrawal of
the sampling tube above ground, the ends of the tube
were sealed with Styrofoam plugs. No freezing was
conducted for the samples. The sampling tubes were
stored in a well cushioned container for transportation.
An accelerometer was attached to the sampling tube
where the acceleration readings were continuously
recorded during shipping.
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3 LABORATORY TESTS ON UNDISTURBED
M/S SAMPLES

3.1 Laboratory tests on laval samples

The laboratory tests included a series of cyclic triaxial
tests, with shear wave velocity measurements using
bender elements. The frozen Laval samples were kept
in a freezer under −20◦C. Cutting of the frozen sam-
ple by sawing and coring could induce enough heat
to thaw the sample and cause significant disturbance.
To minimize disturbance, the frozen sample was first
surrounded by dry ice to lower the temperature to
−50◦C. The frozen Laval sample was then cut to obtain
two, 170 mm long sections using a band saw, while
surrounding the sample with dry ice. Four, 70 mm
diameter specimens were cored from the 170 mm
long section. The specially designed coring device
had its cutter teeth slightly smaller than the tube to
create a gap between the specimen and the tube during
coring. Small holes drilled on the side of the core tube
facilitate venting of the soil cuttings generated by the
coring. Upon coring the specimen height was trimmed
down to 140 mm by a hand saw. A small slot of 1.5 mm
wide, 12 mm long and 5 mm deep was cut at the top
and bottom of the trimmed specimen to give room for
the insertion of bender element. The specimen was
kept frozen during this preparation stage. Thawing
took place after the specimen was seated in the triaxial
cell, under a confining stress of 20 kPa and cell water
temperature of 5◦C. The pore water under a controlled
temperature of 8 to 10◦C was forced to enter the speci-
men from the bottom under a back pressure of 10 kPa.
The thawing process lasted approximately 1 hour.
The amount of water absorbed by the specimen and the
change of specimen height were monitored during the
thawing process.

The triaxial specimen taken from Laval samples
was saturated under a back pressure of 500 kPa. Pore
pressure parameter B values obtained after saturation
had a minimum value of 0.99. Upon saturation, the
specimens were isotropically consolidated under an
effective confining stress (σ ′

c) of 100 kPa. Because of
the relatively high compressibility of the soil speci-
mens and absorption of water in the thawing process
(for the frozen specimens), the amounts of pore fluid
coming in and out of the specimens were recorded.
At the end of triaxial test, the whole specimen was
used to determine the water content. The post consol-
idation water content or void ratio (e), to be used in
the analysis of test data, was back calculated from the
end-of-the-test water content measurement.

Upon triaxial tests on undisturbed specimens, soil
specimens cut from the same Laval sample (i.e., same
borehole and depth) were dismantled, fully mixed
and oven dried to make reconstituted specimens. The
reconstituted specimens were prepared using the moist
tamping (MT) and water sedimentation (WS) methods.

All reconstituted specimens were saturated under a
back-pressure of 500 kPa and had a minimum B of
0.95. The MT and WS specimens were made in an
attempt to match the void ratio of the corresponding
Laval samples. In most cases, however, the reconsti-
tuted specimens had void ratios lower than those of the
Laval samples. For the non-frozen Laval samples, the
170 mm sections were cut by a wire saw. Four, 70 mm
diameter and 140 mm high triaxial specimens were
trimmed by hand using a wire saw and a knife, from
each section. Slots on top and bottom of the specimens
were cut to give room for the bender elements.

Figure 7 shows a comparison of shear wave veloc-
ity, Vs taken from the cyclic triaxial test specimens
and those from different field measurements, normal-
ized with respect to σ ′

v or Vs1. Vs1 is computed as
described by Andrus & Stokoe (2000)where

Vs1 = Vs

(
pa

σ ′
v

)0.25

(1)

pa is a reference pressure of 100 kPa. The field shear
wave velocity measurements included P-S logging
and seismic piezo-cone penetration tests (SCPTU).
The depths of the Vs1 from Laval samples (LS) are
in reference to those where the samples were taken.
For laboratory measurements using bender elements,
Vs = Vs1 as the specimens were under an effec-
tive confining stress (σ ′

c) of 100 kPa, which is also
isotropic (σ ′

c = σ ′
v). Although there were some scatter-

ing among the field measurements, the laboratory Vs1
values are comparable to those of field measurements.
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Figure 7. Comparison of laboratory and field Vs1 measure-
ments in YLS.
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Figure 8. Cyclic resistance of the YLS.

The discrepancies of Vs1 values from different sources
may well be due to differences in shearing modes and
applied lateral stress for the case of bender element
tests.

Upon Vs measurement, the soil specimen was then
subjected to a cyclic deviator stress, σd in axial direc-
tion at 0.1 Hz. Three to five cyclic triaxial tests were
performed using a uniform sinusoidal loading condi-
tion with various σd

/
2σ ′

c ratios. Figure 8 depicts the
cyclic triaxial test results in terms of the σd

/
2σ ′

c ver-
sus the number of cycles (Nc) that produces an axial
strain of 5% in double amplitude. For comparison pur-
pose, a cyclic resistance ratio (CRR) is defined as
the interpolated σd

/
2σ ′

c that corresponds to Nc of 20.
For the LS specimens, the CRR decreased by 13% as
the FC increased from 18 to 89%. In the case of WS
and MT specimens, the decrease of CRR was 29 and
55%, respectively as the FC increased from 18 to 89%.
The reconstituted specimens had lower CRR than that
of the corresponding LS specimens. For FC = 18%,
the CRR of MT specimens was higher than that of
WS specimens. This trend is reversed as the FC = 43
and 89%.

Figure 9 compiles the relative values of CRR and
Vs1 taken from tests reported above, as a function
of fines content for specimens prepared by differ-
ent methods. The relative values are presented as
ratios of the parameter normalized with respect to
the same parameter from tests using 18% fines con-
tent specimens. The results show that for the two types
of parameters compared, LS specimens had the least
sensitivity to fines contents. The most exaggeration of
the effects of fines came from the MT specimens. The
discrepancies among specimen preparation methods
existed even with the significant differences in void
ratios among the reconstituted specimens. The fines

content effects for non-LS specimens may be even
more significant, had the void ratios of the reconsti-
tuted specimens with FC = 43 and 89% could be
made as high as those of 18%.

3.2 Laboratory tests on gel-push samples

The soil sample extruded out of the gel-push sampler
was trimmed to a diameter of 70 mm to fit the tri-
axial testing device and remove a shell of soil that
was impregnated by the gel during field sampling.
The trimmed soil specimen was inserted directly into
a rubber membrane lined sample holder. The design of
the sample holder shown in Figure 10 follows that of
Dharma & Sanin (2006), where a layer of sponge was
placed between the rubber membrane and the metal
split mold. The sponge was compressed initially by
the application of vacuum to give room for insertion of
the soil specimen. Upon release of vacuum, the sponge
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Figure 10. The sample holder.
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expansion provides a confining stress on the granular
soil specimen until the specimen is seated in the triaxial
cell and vacuum resumed through the drainage lines.
By maintaining the confining stress the sample holder
minimizes the chance of disturbance during triaxial
test set up.

A series of isotropically consolidated cyclic triax-
ial tests and Ko consolidated undrained axial com-
pression triaxial tests (CKoU–AC) were conducted on
gel-push samples. All triaxial specimens were con-
solidated to σ ′

v comparable to the in situ overburden
stress. The Vs value of the specimen upon consoli-
dation was measured in the triaxial cell with bender
elements. Figure 11 compares the Vs measurements
from bender elements and those from the field seismic
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Figure 11. Comparison of Vs between the bender element
and SCPTU measurements (after Lee et al., 2006).
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cone penetration tests (SCPTU). For the most part,
the laboratory Vs falls within or close to the range of
those from SCPTU at comparable depths. The cyclic
triaxial test followed after the Vs measurement. Results
of the cyclic triaxial tests are shown in Figure 12.

4 FIELD PIEZO-CONE PENETRATION TESTS

Considering the importance in detecting the drainage
conditions during cone penetration in M/S deposits,
attempts were made in the field tests to ascertain the
drainage conditions associated with cone penetration.
A series of piezo-cone penetration tests (CPTU) using
a standard cone (cone cross sectional area = 10 cm2)
penetrating at 20 mm/sec (the standard CPTU), a large
cone (cone cross sectional area = 15 cm2) penetrat-
ing at 20 mm/sec (the large CPTU), and a standard
cone penetrating at 1 mm/sec (the slow CPTU) were
conducted at the Yuan Lin test site. The pore pressure
element was located immediately behind the cone face,
at the u2 position. Profiles of CTPU results that include
friction ratio, Rf (= fs/qc × 100%) from tests at Yuan
Lin site are shown in Figure 13. The results indicated
no significant differences in qc among three types of
CPTU, considering drastic differences in cone size
and/or penetration rate. Because of the time consum-
ing nature, slow CPTU was conducted only in depth
levels where Laval samples were taken. The u2 values
from large CPTU were mostly identical to those from
the standard CPTU. The u2 in slow CPTU matched
well with the hydrostatic pressure uo, indicating that
1 mm/sec was slow enough to allow the penetration
induced pore pressure to fully dissipate and reach equi-
librium in most parts with the surrounding hydrostatic
pressure.

The Rf values from slow CPTU were consistently
higher than those of standard and large CPTU. No
consistent correlation between the increase in Rf and
soil fines contents could be identified. During CPTU,
the soil element ahead of the cone tip experiences
an increase in mean normal stress as the cone tip
approaches. This increased stress is released as the
soil element passes the base of the cone face and thus
a reduction in lateral stress against the friction sleeve
immediately behind the cone tip. In a slow CPTU,
more time is allowed for the soil element to creep
towards the friction sleeve and develop higher lateral
stress against the friction sleeve and thus higher fs.
This creeping is believed to be the main cause of
the increase in fs or Rf when cone penetration rate
was reduced from 20 to 1 mm/sec as the change in
penetration rate did not have significant effects on qc.

Profiles from standard and slow CPTU performed
at Kao Hsiung site are shown in Figure 14. The slow
CPTU was conducted from 9.8 to 25 m, the same
depth range where gel-push samples were taken at
Kao Hsiung site. The results in terms of qc, u2 and Rf
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and their relationship with penetration rates are very
similar to those from Yuan Lin site. No significant dif-
ferences in qc and u2 were noticed from CPTU with a
20 times difference in penetration rate.

At Yuan Lin site, the standard CPTU was coupled
with pore pressure dissipation tests from 3.5 to 12.5 m,
at 1 m intervals. The same was included in the stan-
dard CPTU at Kao Hsiung site from 9.8 to 20.8 m. In a
pore pressure dissipation test, the cone penetration was
suspended while u2 was continuously recorded until
it reached equilibrium with uo. Figures 15 compares
parts of the qc profiles obtained from the field CPTU
at two test sites and those from CPTU in reconstituted
MLS specimens in a calibration chamber. The field
data are the enlarged segments of the corresponding
profiles included in Figures 13 and 14. This enlarge-
ment allows the change in qc and its relationship
with pore pressure dissipation tests to be visualized.
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The MLS specimens with fines contents at 30 and
50% were prepared by MT method where the sand
and fines were fully mixed. The MLS specimen was
saturated under a back pressure of 300 kPa during
CPTU calibration test. A pore pressure dissipation
test was conducted in MLS at 300–400 mm depth in
the calibration chamber. For CPTU in MLS, there were
distinct setups as referred to by McNeilan & Bugno
(1984) or significant increase in qc immediately fol-
lowing the pore pressure dissipation test or the start
of the subsequent push. For the field CPTU where the
fines contents could exceed 50%, the pore pressure
dissipation tests were basically evidenced by a sharp
decrease (due to suspension of the cone penetration)
and regain of qc values as penetration resumed, without
significant setups.

The laboratory results on MLS indicate that at
fines contents above 30%, CPTU behaved as a par-
tially drained test. The effects of partial drainage were
demonstrated by the presence of significant setups
following a pore pressure dissipation test. The field
CPTU at both test sites were close to drained condi-
tions even when the fines contents reached as high as
89%. The drastic differences between CPTU in lab-
oratory prepared, well mixed silty sand and natural
silt/sand in the field are likely due to the heterogeneity
existed in natural soil. It is believed that the presence
of closely spaced free draining sand layers made the
field CPTU behave as a drained test in a silty soil
mass.

5 IMPLICATIONS IN LIQUEFAQCTION
POENTIAL ASSESSMENT FOR M/S SOILS

The above described tests in YLS and KHS offered a
database to evaluate the CRR-qcIN correlations based
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on tests that involved natural soil samples. Under the
framework of simplified procedure, both CRR and
qcIN are normalized with respect to σ ′

v of 100 kPa
or one atmospheric pressure. The soil deposits at
Yuan Lin and Kao Hsiung test sites were assumed
to be normally consolidated with ratio of effective
horizontal stress, σ ′

h over σ ′
v , K = 0.5 in the field.

The inference of CRR under anisotropic stress con-
ditions from isotropically consolidated cyclic triaxial
tests (CRRCTX) followed the procedure by Ishihara
(1996) as,

CRR = CRRCTX
1 + 2K

3
(2)

For YLS, the CRRCTX conducted underσ ′
c of 100 kPa

on LS specimens, as included in Figure 8 were used.
For KHS, the CRRCTX obtained from cyclic triaxial
tests on gel-push specimens shown in Figure 12 were
used to infer CRR using Equation 2. The average value
of qc from comparable depths where the undisturbed
samples were taken was normalized as:

qc1N =
[

qc

Pa2

] [
Pa

σ ′
v

]0.5

(3)

where
Pa = one atmosphere in the same units as σ ′

v
Pa2 = one atmosphere in the same units as qc

Figure 16 plots the CRR-qcIN correlation of MLS
according to laboratory cyclic triaxial tests and CPTU
performed in a calibration chamber, reported by Huang
et al. (2005) and those from field CPTU and cyclic
triaxial tests on natural YLS and KHS. The CRR-qcIN
data points have the following characteristics:
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Figure 16. The CRR-qc1N correlations from tests on MLS,
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• All data points fell to the left of the CRR-qcIN
correlation that corresponded to FC = 15% accord-
ing to Stark & Olson (1995), and soil behavior
index, IC = 2.1 according to Robertson & Wride
(1998).

• For the wide range of fines contents involved in the
field and laboratory tests on YLS and KHS, there
was a general trend that the CRR-qcIN data points
moved to the left as fines content increased. This
trend was consistent with those suggested in the
available CRR-qcIN correlations shown in Figure 16.

• The effects of fines according to tests in natural
YLS and KHS were less significant than those sug-
gested by tests using the artificial MLS specimens.
At much wider range of fines contents, the lateral
spread of CRR-qcIN data points based on tests in
YLS and KHS shown in Figure 16 was less than
those from tests using the reconstituted MLS spec-
imens or suggested by the available CRR-qcIN cor-
relations.

The fines content adjustment reflects two aspects
in the CRR-qcIN correlations; the first aspect deals
with the differences in mineral contents and/or grain
characteristics between sand and fines; and the second
aspect deals with the change in drainage conditions in
CPTU resulted from the increase in fines contents.
Ishihara & Harada (2008) demonstrated the differ-
ences in CRR-qcIN correlations among clean sands due
to variations in mineral contents and/or grain shapes.
The data presented in this paper have shown that the
field CPTU conducted in YLS and KHS can all be
considered as drained tests, regardless of the fines
contents. Except for those of FC = 61 and 89%,
the CRR-qcIN data points from YLS and KHS clus-
tered closely with those from MLS with FC ≤ 15%
where CPTU was also drained. The fines in a silt/sand
mixture are more likely to have higher contents of
softer minerals as indicated in Table 2 and Huang et al.
(2004). MLS, YLS and KHS have similar geologi-
cal origin and contain relatively soft sand grains as
demonstrated in their mineral contents. These similar-
ities explain why the available CRR-qcIN data points
from MLS, YLS and KHS gathered in a rather nar-
row range, except for the cases where FC exceeded
50%, and as long as the CPTU remained drained. Pro-
vided the CPTU remained drained, the soft minerals
or their higher contents cause the CRR-qcIN correla-
tions to move to the left. This is likely the reason for
the CRR-qcIN data points with FC in excess of 50% to
locate to the left and away from the cluster of all the
CRR-qcIN data points from drained CPTU and with
less fines contents.

The data presented by Amini & Qi (2000) have
demonstrated that the stratification in silty sand does
not have significant effects on the cyclic strength.
The data presented herein however, demonstrated that
the stratification in silt/sand soil can have significant
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Figure 17. Comparison between Ic and fines contents.

impact on the drainage conditions of CPTU. The lack
of free drainage would cause qc to be much reduced
and thus the CRR-qcIN correlations to move to the left.

Figure 17 compiles the available soil behaviour
index, Ic (Robertson & Wride, 1998) values and their
relationship with fines contents from field CPTU at
Yuan Lin and Kao Hsiung sites. Figure 17 shows
that the available data are rather scattered and have Ic
mostly in the range of from 1.8 to 3.0. This trend does
not seem to follow the empirical correlation between
Ic and FC as proposed by Robertson & Wride (1998)
which was restricted for FC < 50%. The results indi-
cate that the inference of fines content based on Ic may
lead to significant and/or unpredictable error at least
for the M/S soils tested.

6 CONCLUDING REMARKS

Studies performed by the author allowed direct com-
parisons among fines contents, CRR and qcIN to be
made for typical M/S soils in Taiwan. The studies
involved laboratory tests on reconstituted and undis-
turbed natural soil samples and field CPTU as well as
laboratory calibration chamber CPTU. These studies
raised serious questions regarding the validity of the
current understanding of how the fines affect the cyclic
resistance and its estimation based on CPTU following
the framework of simplified procedure. For the natural
M/S soils reported herein, the effects of fines on cyclic
strength and CRR-qcIN correlations are not nearly as
significant as what have been reported.

The author postulate that the effects of fines on a
freshly reconstituted specimen, destabilizing or not,
may have been reduced or nullified by age. This is
why, aged natural M/S soils showed significantly less
effects of fines contents as indicated in Figure 9. The
available data to support the above postulation are

limited. To ascertain if indeed the effects of fines are
much reduced in natural M/S soils would require fur-
ther tests on undisturbed samples. The Laval and gel-
push samplers can make undisturbed sampling much
more cost effective than the conventional ground freez-
ing procedure. It is strongly recommended that the
geotechnical profession should take advantage of these
new developments and start performing tests on undis-
turbed samples on a routine basis. Conclusions made
based on reconstituted specimens should be scruti-
nized with great care.

Significant adjustment in the CRR-qcIN correlation
is called for if the fines contents are sufficient enough
to cause the CPTU to be partially drained and thus
qc substantially reduced. In alluvial deposit where the
silt/sand soils are often stratified, the CPTU can be a
drained test even with substantial fines contents due to
the presence of closely spaced free draining soil lay-
ers. While the stratification may not cause significant
differences in cyclic strength of the silt/sand soil, its
impact on cone tip resistance because of the change
in drainage conditions may not be negligible. The
drainage conditions in CPTU can be determined using
pore pressure dissipation tests or by changing the rate
of penetration. Had the drainage conditions remained
the same, the amount of fines content adjustment
should be associated with and limited to the effects
caused by differences in mineral contents and/or grain
characteristics between fines and sand. The ignorance
of free draining nature of CPTU in stratified allu-
vial silt/sand soils may lead to excessive fines content
adjustment and result in over estimation of safety
factor against soil liquefaction.

The mixture of fines with sand can make the fines
content adjustment complicated in many ways. The
potential differences in mineral contents and/or grain
shapes between fines and sand particles are impor-
tant aspects that cause the shifting of CRR-qcIN cor-
relations. The characteristics and magnitude of such
shifting are apparently soil and site dependent. Local
calibrations would be highly desirable to establish a
fines content adjustment scheme and to account for
the effects of mineral contents and/or grain shapes
between fines and sand particles. These calibrations
should be made based on direct comparisons of labo-
ratory and field test results.
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Satisfaction and dissatisfaction of port facilities designer facing
to the performance based design methodology

T. Sugano & S. Miyata
Port and Airport Research Institute, Japan

ABSTRACT: Performance objectives are expressed as an acceptable level of damage, typically categorized as
one of several performance levels, such as immediate occupancy, time required for restoration or collapse preven-
tion, given that ground motion of specified severity is experienced. Factors affecting the accurate evaluation of
deformation to port facilities during earthquakes by means of finite element analysis are introduced through two
case studies. Not only agreement of liquefaction strength curve with test result but also well agreement of excess
porewater pressure generation near liquefaction and development of strain must be required in the element test
because two analyses that have the same liquefaction strength but different excess porewater pressure generation
and strain characteristics resulted in non-negligible difference of residual deformation. Experience or judgment
of the engineer in determining liquefaction parameter affects prediction of residual deformation. Then, notes to
be taken care in evaluating liquefaction parameters are introduced based on the case study. Finally, discussion
is extended to in-situ measurement of space and mechanical properties of the ground and damage investigation
for the development of performance-based design.

1 INTRODUCTION

Design specification of port facilities (Japan Port
and Harbour Association 1999) moved fundamen-
tal design concept from conventional specification
design to performance-based design in April 2007.
According to the new design specification, both per-
formance requirement and specific safety guideline
are specified to each type of facilities, and designers
are required to satisfy them. Although the procedure
which proves whether they are correct or not is not
written definitely in the design specification, it is
clear that reliable method must be used in order to
fulfill accountability.

Deformation of a structure is listed as an exam-
ination of reference against level-2 ground motion,
the strongest earthquake motion expected at the inter-
ested site. According to the recommendation of the
design specification (Japan Port and Harbour Associ-
ation 1999), reliable numerical analysis and/or model
test is recommended to evaluate it. In the engineering
practice at present, computer program FLIP (Iai et al.,
1990), a earthquake response analysis computer pro-
gram based on effective stress, is frequently used as a
tool to evaluate deformation partly because it has been
used in the engineering practice of the design of port
facilities and partly because it is known that FLIP suc-
ceeded to explain damage to port facility in the past
earthquakes (Iai et al., 1996).

FLIP employs, so called, multi-spring model for
shear deformation, which has a characteristic to con-
sider rotation of principal stress direction, and stress

path model for excess porewater pressure generation
under undrained condition; it computes excess pore-
water pressure generation of soil under undrained con-
dition. Five parameters are used to express undrained
behavior under earthquakes, which will be called as
liquefaction parameters in this paper.

Excess pore water pressure generation reduces
effective stress. As a result, shear stiffness decreases
with decrease of effective stress, and deformation
increase. Therefore, if shear deformation of lique-
fied layers has dominant effect on the deformation
characteristics of whole structure, choice of the value
of liquefaction parameters becomes a key issue in
evaluating the deformation of the structure.

In this paper, we show fundamental strategy to eval-
uate liquefaction parameters, and some notes to deter-
mine them based on the result of case studies.

2 METHODS TO EVALUATE LIQUEFACTION
PARAMETERS

FLIP uses five parameters, w1, p1, p2, c1 and S1, or six
parameters if phase transform angle φp is counted as
one parameter. Details of the parameters are described
in Morita et al. (1997) and are explained briefly in the
following.

Parameter w1 controls excess porewater pressure
generation expressed as a function with respect to
plastic work. The larger w1 value increases liquefaction
strength or reduces excess porewater pressure gene-
ration.
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Parameter p1 controls speed of excess porewater
pressure generation when excess porewater pressure
ratio (ratio of excess porewater pressure to initial effec-
tive mean stress) is less than 0.6. Smaller p1 value
results in higher speed of excess porewater pressure
generation.

Parameter p2 controls speed of excess porewater
pressure generation when excess porewater pressure
ratio is larger than or equals to 0.6. Smaller p2 value
accelerates excess porewater pressure generation at
high porewater pressure.

Parameter c1 defines minimum shear stress ratio
(shear stress amplitude under liquefaction strength
test divided by initial effective mean stress) of lique-
faction strength curve. As c1 becomes larger, decrease
of shear stress ratio at large number of loading cycles
becomes smaller.

Finally, parameter S1 is used to stabilize numerical
analysis. It must be closer value to zero, and 0.005 or
similar has been used in the engineering practice.

Values of these parameters are evaluated by trial-
and-error procedure to agree liquefaction-strength
curve with that by liquefaction strength test if liq-
uefaction strength test by means of undrained cyclic
triaxial test or hollow cylinder torsional shear test
is conducted with undisturbed samples retrieved at
the site.

It is also important not only to adjust liquefaction
strength curve but also to consider excess porewater
pressure generation the transient state to liquefaction
and to consider development of shear strain.

If in-situ sample cannot be obtained in such a case
that soil improvement will be made, for example, they
are evaluated from equivalent or target SPT-N value
and fines content based on simplified method to deter-
mine parameters (Morita 1997). It is, however, noted
and recognized that excess porewater pressure genera-
tion and development of strain characteristics obtained
by the analysis may not represent those of in-situ soil.

3 NOTES TO SET LIQUEFACTION
PARAMETERS

As described in previous paragraph, liquefaction para-
meters are evaluated so that liquefaction strength curve
agrees with test result, but it does not ensure that
liquefaction characteristics can be well reproduced.

Figure 1 shows schematic figure of Rokko Island
RF3 pier damaged during the 1995 Hyogoken-nambu
(Kobe) earthquake. Past investigation (Inagaki et al.,
1996) discussed parameters used in the analysis and
proved accuracy of analysis. In this report, effect of
different set of liquefaction parameters on the result
of the analysis is introduced.

Two sets of parameters are used in the examination.
Two sand layers are liquefiable in this model; the one is
reclaimed sand in the backfill ground and the other is

Figure 1. Analyzed model and soil profiles.

Figure 2. Comparison of liquefaction strength curve.

replaced sand beneath the caisson. For simplicity, liq-
uefaction parameters for replaced sand are chosen as
parameters. Both the NS and UD components of accel-
eration recorded at GL−32 m in Port Island during the
1995 Kobe earthquake is used as input wave.

The set of liquefaction parameters used in the anal-
ysis is as follows:

Parameter set A

Liquefaction parameters are the ones used in the
past investigation. These parameters are evaluated so
that liquefaction curve agrees with that of undrained
cyclic triaxial test of in-situ undisturbed samples by
means of frozen sampling technique. The test result
is shown in Figure 2 with result of simulation.

Parameter set B

Liquefaction parameters are re-evaluated so that the
liquefaction strength becomes same as that of set A,
but transient process of excess porewater pressure
generation and development of strain is out of con-
sideration; parameters are identified only focus-
ing on agreement of liquefaction strength, which
makes time to determine parameters small.
Identified parameters are shown in Table 1. Con-
sidering the meaning of parameters described in the
preceding, excess porewater pressure easily gen-
erates by set B at high excess porewater pressure
region.

Other conditions such as Rayleigh damping, mec-
hanical property of soil, etc. are set same in both anal-
ysis; difference is only liquefaction parameters of the
replaced sand beneath the caisson. Method and notes
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Table 1. Liquefaction parameters.

Phase
transform

Parameter angle w1 p1 p2 c1 S1

set A 30◦ 9.0 0.6 0.9 1.8 0.005
set B 30◦ 16.0 0.5 1.9 1.4 0.005

for evaluating liquefaction parameters are described in
CDIT (1997).

Result of simulation of liquefaction strength test is
shown in Figure 2 with test result. Both liquefaction
strength curves agree to each other as intended. It
indicates that there is not unique set of liquefaction
parameters to express the liquefaction strength.

Figure 3 shows residual deformation by two analy-
ses and Figure 4 shows a time history of the caisson
top horizontal displacement. Although both models
show same liquefaction strength, displacements differ
significantly; displacement at the top of the caisson
by set B liquefaction parameters is about 1.5 times
larger than that by Set A liquefaction parameters for
both horizontal and vertical components. Deforma-
tions of seabed just in front of the caisson are also
different to each other. In addition, as shown in the
time history of tilt of the caisson in Figure 5, residual
displacements of the caissons do not agree.

In order to investigate the reason of the difference,
time histories of the excess porewater pressure and
shear strain of the element shown as a hollow circle
in Figure 3, and stress-strain curve of the element are
shown in Figures 6 and 7, respectively.

As seen in Figure 6, shear strain accumulates towards
the sea, which indicates that displacement of the cais-
son was mainly caused by the liquefaction of replaced

Figure 3. Residual deformation.(Upper: set A; Lower: set
B; ◦: Compared elements).

Figure 4. Time history of the caisson top horizontal dis-
placement (−:seaward).

Figure 5. Time history of rotational angle of the caisson
(+:CCW).

Figure 6. Excess porewater pressure/share strain time
history.

Figure 7. Shear stress-strain relationship.

sand. Rate of increase of shear strains and develop-
ment of excess porewater pressure are different to
each other, especially in the latter half of the analysis.
It result in the larger decrease of shear stiffness in
Set B analysis than that in set A analysis as is shown
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in Figure 7. It is clear that this difference of shear
stiffness or shear strain of the liquefiable layer caused
significant difference of analyses. It is again noted
that liquefaction strength are same in both cases.

Then a question arises that what is the relevant
procedure to evaluate liquefaction parameters? The
following procedures are recommended ones at present.

– Check that time histories of axial strain, excess
porewater pressure, etc. during liquefaction strength
test can be reproduced by numerical analysis.

– Ensure that liquefaction strength curve defined by
1, 2, 5 and 10 percent of double amplitude axial
strain is well simulated.

It may require, however, many man-powers because
the procedure to determine the value of liquefaction
procedure is a trial-and-error procedure. Therefore,
increase of target behavior requires more time to evalu-
ate liquefaction parameters. A more simple procedure
is encouraged to be developed in the future.

At the same time, discussions must be required
whether conventional liquefaction strength test is a
relevant method to grasp the dynamic property of liq-
uefiable soil or not. Discussion is also made whether
simulation of the analysis using the parameters that are
evaluated based on liquefaction strength test is relevant
or not. These indicate that improvement to evaluate
liquefaction parameters in FLIP may be possible. It is
to be noted and is important in the performance based
design that the all the obtained information must be
reflected in the design.

4 OTHER COMMENTS

The followings are issues to be considered in the prac-
tical analysis.

4.1 Characteristics of reclaimed soil

The reclaimed soil is not homogeneous, and its mechan-
ical property scatters. Borehole investigation are fre-
quently made in several tens meters distance, but this
distance may not be relevant to grasp the soil profiles
and mechanical property. It is strongly encouraged
to improve resolution in space or to develop a rele-
vant non-destructive examination procedure against
the ground.

4.2 Modeling of improved soil

It is sometimes difficult to control mechanical prop-
erty of improved soil constant. If it scatters, a question
arises that small numbers of check borehole test can
represent the whole behavior of the improved area.
It is not realistic to make laboratory test of undis-
turbed samples because it requires longer construction
duration.

The accuracy of checking by means of effective
stress earthquake response analysis etc. against reme-
diated and non-remediated facilities is in practical
level.

4.3 High accuracy of checking

At present, two-dimensional analysis is predominant,
whereas actual structure is in three-dimension. As
shown in Figure 8, for example, displacement of the
quay wall scatters along the shore. Then how can
accuracy of two-dimensional analysis be evaluated.
Both three-dimensional effect and non-homogeneous
nature of mechanical property are supposed to cause
scatters of displacement of the quay wall.

It is also noted that separation of construction joint
and that between caissons is difficult to consider in the
two-dimensional analysis.

Accuracy of resolution by in-situ soil investigation
is not the same order with that of the FE analysis of
mesh size; that by in-situ test is much larger than the
size of FE mesh.

4.4 Method of reconnaissance of earthquake
damage

Reconnaissance of earthquake damage has been con-
ducted within the framework of conventional design
such as seismic coefficient method.

Reconnaissance must be made, however, within the
framework of the performance based design. In other

(a) Photo of damage 

(b) Displacement of quay wall 

Figure 8. Damage to sheet pile quay wall at Hakodate Port
during the 1994 Hokkaido-nansei-oki earthquake.

224

©2009 Taylor & Francis Group, London, UK

  

http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch14&iName=master.img-007.jpg&w=150&h=104
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch14&iName=master.img-008.jpg&w=177&h=104


words, it becomes necessary to evaluate damage or
check items quantitatively.

In the case of seismically reinforced port facility,
horizontal displacement, settlement and tilt angle of
the quay wall have been measured. Under the new
design concept, however, measurement must be made
from the point of mooring of a vessel, cargo handling,
and transport. If transport by means of track is nec-
essary, bump of an apron will becomes one of the
important indices. It becomes also important to esti-
mate volume of soil to fill the bump of the apron when
emergency recovery works.

In addition, reconnaissance must be made not only
to the damaged facilities as conventional reconnais-
sance is made, but also to the non-damaged or slightly
damaged facilities.

5 CONCLUDING REMARKS

Based on the lessons from the damages past earth-
quakes, especially, the 1995 Hyogoken-Nambu earth-
quake, a seismic performance based design
methodology was introduced. In order to assess and
evaluate the seismic performance, new simulation
techniques need to be introduced in the technical stan-
dards for port facilities in Japan. However, in practice,
it is not easy to incorporate simulation techniques such
as dynamic analyses and model tests.

To brush up the seismic performance based design
methodology, it is still necessary to collect actual case
history data as well as model test data and numerical
simulation data, and feed them back to practice with
appropriate interpretation.
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Evaluating seismic performance of earth structures
and soil-structure systems

R.W. Boulanger
Department of Civil & Environmental Engineering, University of California, Davis, CA, USA

ABSTRACT: This Academics-Practitioner discussion session on evaluating the seismic performance of earth
structures and soil-structure systems will include presentations by four international experts and be followed
by open discussions. The presentations and discussions will address uncertainties in the analysis models
being used to evaluate seismic performance of important earth structures or soil-structure systems in various
regional/international practices and their importance to performance-based earthquake engineering design.

1 SESSION OVERVIEW

1.1 Focus

This Academics-Practitioner session will focus on dis-
cussing analysis models that are being used to evaluate
seismic performance of important earth structures and
soil-structure systems in various regional/international
practices and how the uncertainties or limitations
in such models are, or should be, accounted for in
performance-based earthquake engineering design.

The panelists were asked to set the stage for the
session by describing:

1. the analysis models that are commonly used on
larger or more critical projects for an earth structure
or soil-structure system of their choosing, and

2. the perceived modeling uncertainties and how those
modeling uncertainties are either minimized or
accounted for in practice.

There are numerous issues that warrant discussion
with regard to these two questions. Some examples of
questions that will be discussed are:

• What are the major limitations in the models being
used, including any physical mechanisms that are
not adequately modeled?

• What level of validation is expected or available for
the modeling methods commonly used?

• How is the uncertainty in the input ground motions
commonly addressed?

• How are modeling uncertainties viewed relative to
uncertainties from other sources—e.g., site
characterization—and how are these uncertainties
accounted for in regional design practices?

The continued advancement of performance-based
design in geotechnical earthquake engineering prac-
tice will benefit from the international discussion of
perspectives on these and other issues. In this regard,

the subsequent sections of this paper provide a few
thoughts related to these issues.

1.2 Panelists

The panel is comprised of four prominent experts rep-
resenting a balance of practitioners and academicians
from different countries. The panelists are:

Dr. Ernest Naesgaard of Naesgaard Geotechnical
Ltd., Canada—Topic: Bridge foundations
Professor Kyriazis Pitilakis of Aristotle Univer-
sity, Greece—Topic: Shallow immersed tunnels
and underground metro stations
Dr. Robert Pyke of Arcadis, USA—Topic:
Embankment dams and levees
Professor Nozomu Yoshida of Tohoku Gakuin Uni-
versity, Japan—Topic: Underground structures and
quay walls.

1.3 Session organization

The session will begin with each panelist making a
10 minute presentation that responds to the questions
and issues posed above. The remainder of the session
time will be devoted to open discussion from the floor
and panel.

The session arrangements were facilitated by the
session Secretary, Dr. Kentaro Tabata of E-Defense,
NIED, Japan.

2 EVALUATING SEISMIC PERFORMANCE

2.1 Probabilistic approach

Performance-based evaluation and design principles
have advanced considerably in recent years. The form
that performance-based principles have taken varies
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with the type of structure, its importance, and the
region.

The performance-based earthquake engineering
(PBEE) methodology advanced by the Pacific Earth-
quake Engineering Research Center (PEER) over the
past decade involves a formal probabilistic treatment
of the key aspects that affect the final decision making,
which can require integrating seismological, geotech-
nical, structural, economic, and socio-political aspects
of the problem. A probabilistic analysis requires con-
siderable effort to complete in sufficient detail to be
useful, and thus its main uses are either in applica-
tion to large important projects, in developing simpler
performance-based guidance, or in evaluating the rel-
ative merits of new technologies or approaches. In
many situations, there is insufficient information to
confidently establish distributions for some of the
key relationships (e.g., system fragilities, repair costs,
downtime). In such situations, the uncertainty in the
final output of the analysis (e.g., deaths, dollars,
downtime) can be very large. Nevertheless, the pro-
cess still offers a couple of valuable attributes. One
advantage is that it provides great insight by forcing the
analysis/design team to recognize the dominant sources
of uncertainty and the dominant factors driving the
final decisions. They also provide the advantage that
they can then be used in sensitivity studies to probe
the benefit that would be obtained by buying additional
information—if you spent additional engineering
resources to reduce the uncertainty in a given aspect
of the problem (e.g., more site characterization, more
detailed analysis), how much would it affect the final
decision variables (e.g, the mean annual frequency of
exceeding some level of losses). An important benefit
of the last ten years of PEER activities has been that
the research community developed an ability to bet-
ter communicate across disciplines in terms that they
could relate to, such that multidisciplinary teams could
more quickly come to consensus on the issues that
were of greatest concern on specific projects, whether
that may be the hazard characterization, the nonstruc-
tural contents of a building, or the post-earthquake
inspection process, for example.

2.2 Selection of analysis models

The selection of an appropriate analysis model is an
important step in a performance-based evaluation or
design. The analyst or designer must decide what the
dominant mechanisms are that need to be modeled,
and then choose an analysis method that can rea-
sonably approximate those mechanisms. Does the
model need to be 1-, 2- or 3-dimensional? What
degree of nonlinearity is involved? How important
are interfaces, coupled flow, large deformations, com-
pliant boundaries, etc? For some problems, even our
most sophisticated analysis models can have signifi-
cant limitations in capturing or approximating certain

behaviors. For example, void redistribution and water
film formation due to liquefaction in layered soil
profiles are mechanisms that we currently cannot
model confidently enough for design applications.

For important structures, it is often worthwhile eval-
uating the performance using two or more analysis
methods. For example, the performance of earth dams
with liquefaction concerns within the embankment or
foundation are often first analyzed using an equiv-
alent linear dynamic response program to evaluate
liquefaction triggering, followed by limit equilibrium
slope stability analyses to evaluate post-earthquake
stability or yield accelerations, and Newmark sliding
block analyses to evaluate potential displacements
for stable slopes. As warranted, the next level of
analysis may be performed using nonlinear dynamic
analysis methods that may include total stress-based
constitutive models and then effective stress-based
constitutive models, with and without the effects of
pore water pressure redistribution during and after
shaking. The systematic comparison of analysis results
as the methodology becomes progressively more com-
plex provides a check on the reasonableness of the
analysis results (often identifying the need for revi-
sions or corrections), greater insight into the effects of
various mechanisms or behaviors, and thus improved
confidence regarding which results can be used as the
primary basis for decision making.

2.3 Validation of models

The issues of validation and verification of numerical
methods are numerous, and so only a couple of points
are commented on herein. For engineering applica-
tions, it is essential to have some prior evaluation of
any nonlinear deformation analysis method’s ability
to reproduce the essential features of seismic response
for closely related case histories and/or physical model
tests. There are numerous examples of centrifuge
models being used to evaluate numerical methods,
but a couple of recent high profile examples in North
America include their use to investigate uplift mecha-
nisms for tunnel tubes surrounded by liquefiable fills.
In these cases, the centrifuge models were essential
for providing confidence that the deformation mecha-
nisms were understood and that the numerical methods
were capable of recreating those mechanisms.

For both the physical and numerical models, it is
essential to be able to perform a sufficient number
of tests and sensitivity analyses to gain the insights
necessary for confident decision making. There are
numerous examples in the literature where it has been
relatively easy for a numerical method to be cali-
brated to recreate most aspects of the response of
any one physical model test, but the systematic eval-
uation of a nonlinear deformation analysis method
against a set of several physical model tests provides
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far greater insights into the limitations or uncertainties
in predicted responses.

Lastly, the documentation of nonlinear deformation
analyses for engineering application need to be suffi-
ciently transparent for meaningful reviews by indepen-
dent parties. This requires, as a minimum, providing
detailed documentation of the numerical modeling
procedures, examples of the constitutive model cali-
brations and responses to element loading conditions
(e.g., direct simple shear), and sufficient measures of
the numerical models responses (element responses,
deformations, pore pressures, etc.) to facilitate the
review process.

2.4 Uncertainties in inputs

The specification of input ground motions and the site
characterization are often two of the largest course of
uncertainties in evaluating seismic performance of earth
structures. The selection or development of ground
motion time series requires expertise in seismology
and in the features of motions important to a specific
structure. Methods for scaling time series to match or
approximate design spectra, and whether those spec-
tra should be uniform hazard, scenario, or conditional
mean spectra, are all important considerations. This
continues to be an area where additional research and
guidance for practice are needed.

Site characterization and the development of ideal-
ized cross-sections with assigned engineering proper-
ties are often the most important steps in evaluating
performance of earth structures. For example, issues
related to the characterization of gravelly soils or
intermediate soils can dominate the selection of engi-
neering properties and thus the outcome of defor-
mation analyses. A recent performance evaluation

of an earth dam illustrated the role of site charac-
terization. One consultant determined that the shell
materials were liquefiable, assessed their strengths by
correlation to SPT penetration resistances, and then
predicted crest displacements exceeding 10 m during
design earthquake loading. A subsequent consultant
greatly expanded the site characterization effort, con-
cluded the shell materials were not liquefiable, and
predicted crest displacements more on the order of
1 m. The point is not necessarily which consultant
is correct, but rather that the differences in their pre-
dicted displacements were directly due to fundamental
differences in the assumed soil properties and not to
major differences in their numerical methods.

3 CONCLUDING REMARKS

There are considerable challenges that remain to be
addressed in the further development of PBEE design
practices, but as Samuel Butler (1612–1680) com-
mented:

‘‘Life is the art of drawing sufficient conclusions
from insufficient premises.’’

It is hoped that the international discussions in this
Academics-Practitioner session will contribute to the
continued advancement of performance-based design
in geotechnical earthquake engineering as a means
for making sufficient conclusions despite insufficient
premises.
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Geotechnical performance-based seismic design for bridge
foundations—a Western Canada perspective

Ernest Naesgaard
Naesgaard Geotechnical Ltd., Bowen Island, B.C., Canada

ABSTRACT: Performance-based seismic design criteria are being used for the seismic design of large bridges
in British Columbia. Typically there are three or four design levels with varying performance requirements. The
determination of the earthquake induced soil and structure displacements is the key challenge for the geotechnical
designer. To do this he uses a variety of design methods and tools varying from simple empirical procedures to
complex coupled effective stress dynamic analyses. The complex analyses can give much insight and allows the
effectiveness of design modifications, ground improvement, etc. to be quantified. However experienced users
and much judgment are still required.

1 INTRODUCTION

In Western Canada (British Columbia) there have been
four large new bridges and several seismic upgrades of
existing large bridges in the last decade. The seismic
design is typically largely carried out using perfor-
mance based philosophy. The performance criteria are
usually specified as damage limits to the bridge when
subjected to design earthquakes representative of a
range in probability of exceedance. Seismic damage
to bridge foundations and superstructure is generally
caused by differential deformations. The challenge for
the designer is to quantify those deformations for the
various specified design scenarios.

This challenge is often compounded by large brid-
ges being located across river valleys where soil
conditions are often poor. Liquefiable loose sands,
compressible and weak silts and clays, and miscella-
neous fill soils are common. Large bridges are com-
monly supported on pile or drilled shaft foundations
and interaction between foundation and weak soil pre-
dominates much of bridge foundation design practice.

Typical geotechnical seismic design tasks include:

a. ground response analyses to obtain site specific
design motions and design spectra,

b. foundation capacity assessment,
c. foundation stiffness assessment (foundation spr-

ings), and
d. soil deformation assessment with and without soil-

structure interaction.

2 EARTHQUAKE MOTIONS
AND PERFORMANCE CRITERIA

Most of the new large bridges are Lifeline struc-
tures and designed for three or four performance

Table 1. Typical seismic design levels and performance
criteria.

Design earthquake

Return Probability of
period exceedance Performance criteria

475 years 10% in 50 elastic behavior & minimal
years or no damage

975 years 5% in 50 plastic deformations allowed
years but with repairable damage

2475 years 2% in 50 non-collapse but extensive
years damage permitted

deterministic subduction non-collapse but extensive
event damage permitted

levels. Typical criteria are as indicated in the
table 1.

Typically three to four outcropping firm ground
earthquake record sets (each with three orthogonal
directions of motions) are selected for each seismic
design level. In past projects these records have often
been modified by fitting them to uniform hazard prob-
abilistic design spectra; however current trends appear
to be to only scale the records so they match the uni-
form hazard spectrum at select periods of interest.
The design motion is probably the item of greatest
uncertainty in the seismic design process.

3 GROUND RESPONSE ANALYSES

Typically one dimensional ground response analyses
are usually carried out for key pier locations for each
of the various seismic design levels. Equivalent-linear
analyses using variants of the program SHAKE are
standard practice; however non-linear total stress and
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effective stress models using FLAC, D-MOD, or other
programs are becoming more frequent. Selection of
site specific spectra typically involves significant
judgment and both mean and/or enveloping values
may be considered. Incoherence due to seismic wave
travel past the structure is considered on some projects.

Ground response results are sensitive to the cho-
sen model parameters and a standard procedure for
validating and calibrating ground response models,
especially non-linear and effective stress models, is
an area which deserves further work. Perhaps increas-
ingly available down-hole arrays data can be used for
this purpose.

4 FOUNDATION STIFFNESS

Typically a 3D structural model is developed for
the superstructure and the foundations are modeled
with axial, lateral, and rotational springs. Founda-
tion stiffness (springs) are typically obtained using
P-Y approaches and programs such as L-PILE and
GROUP. Generally published procedures and corre-
lations are used to estimate the P-Y curves and little
effort is made to validate the models to site specific
conditions. Ranges of approximately one-half to dou-
ble calculated stiffness values are often considered in
design.

The same model that is used to develop the foun-
dation stiffness parameters is also often used to trans-
fer calculated seismic loads from the superstructure
back into the piles to obtain pile design loads, stresses
and displacements. The affect of kinematic, earth-
quake induced, ground displacements on the pile foun-
dations has traditionally been assessed independently
from inertial loading from the structure although cur-
rent practice is starting to consider combinations of
both kinematic and inertial loading effects as sug-
gested by Boulanger et al. 2007.

5 GROUND DISPLACEMENTS
AND SOIL-STRUCTURE INTERACTION

Determining earthquake induced ground displacement
and their interaction with the bridge foundations is one
of the key tasks for the design team. When the soils are
not liquefiable deformations are often relatively small
and reasonable estimates of ground displacements can
be made using ‘‘Newmark’’ type procedures or by
carrying out dynamic analyses using relatively sim-
ple elastic plastic constitutive models. However if soil
liquefaction is triggered then much larger displace-
ments, lateral spreading, and possibly flow failure may
occur. The later scenario is typically assessed by a
combination of both traditional empirical procedures

where the various segments are uncoupled and detailed
dynamic soil and soil-structure interaction analyses
using complex constitutive models.

The traditional uncoupled methods would include
simplified ‘‘Seed and Idriss’’ type liquefaction trig-
gering analysis, post-earthquake consolidation set-
tlement estimates using procedures such as those
proposed by Ishihara and Yoshimine, flow slide poten-
tial assessment using empirical residual strengths with
limit-equilibrium slope analyses and lateral spreading
displacement analyses such as those proposed by
Youd. Displacements from these simplified methods
have a high degree of uncertainty and error bands of
one-half to double are likely optimistic.

Two-dimensional dynamic soil and soil structure
interaction analyses are carried out for most of
the local large bridge projects. Both coupled effective
stress (UBCSAND) and total stress (UBCTOT) con-
stitutive models are used within the program FLAC for
potentially liquefiable cohesionless soils. Non-linear-
plastic (UBCHYST) or linear-plastic (Mohr Coulomb)
models are typically used for non-liquefiable silt
and clayey soils. The UBCSAND constitutive model
has been calibrated to emulate the behavior from an
extensive set of drained and undrained simple shear
laboratory tests and validated by comparing calculated
to actual response from several centrifuge tests. The
program has also been shown to be able to capture
the seismic displacements of the Upper San Fernando
dam, and the post-shaking flow failure of the Lower
San Fernando dam.

A key part of the FLAC/UBCSAND analyses on
large projects is calibrating the model to trigger lique-
faction in the correct number of cycles and to give the
proper post-liquefaction stress-strain response. This
is typically done by exercising a single element model
with material parameters taken from various elements
in the large model and adjusting calibration factors
until a reasonable match is obtained.

Pile foundations and other structures are often
included in the numerical models with 3D behav-
ior being emulated by the use of non-linear springs
(analogous to P-Y and T-Z springs) between the pile
structural elements and soil mesh.

The 2D dynamic numerical model can give much
insight. Complex deformation patterns and failure
modes can be observed and the effects of ground den-
sification and foundation modifications can be quanti-
fied. There are many approximations and assumptions
in this type of analyses and significant uncertainty
in calculated displacements. An error band of one-
half to double the best estimate displacement is again
probably being optimistic. Experienced users and
much judgment in selecting reasonable parameters
and interpreting the results are required.
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Prediction of behavior of underground structure and quay wall during
earthquake

Nozomu Yoshida
Tohoku Gakuin University, Tagajo, Japan

1 INTRODUCTION

Underground structure and quay wall have common
features in the performance during earthquakes. The
predominant factor in the design of these structures is
earth pressure from the surrounding soil. In this sense,
they are similar to earth retaining structures such as
retaining wall. The difference between them is that
stability is primary interest for retaining wall whereas
displacement is required in these structures.

The Mononobe-Okabe formula has been used in
earth structures. It is, however, known that earth pres-
sure by this formula is very large. Researches have
pointed out it gives larger earth pressure than tests
or numerical analyses. This estimation may not be
true; the Mononobe-Okabe formula will give reason-
able earth pressure if the mechanism that is assumed a
priori occurs. It indicates that such mechanism hardly
occurs in the actual situation, and it makes the problem
complicate; we need to evaluate not only final stage
but also transient state to failure.

2 UNDERGROUND STRUCTURE

Before the 1995 Hyogoken-nambu (Kobe) earthquake,
damage to underground structures was very difficult
to find except small lineral structure such as water and
gas pipelines. This situation changed at the Kobe earth-
quake. Large scaled underground structure such as
subways and underground cities were collapsed or sig-
nificantly damaged. The earthquake motion was much
larger than that expected in the design specification.
After the Kobe earthquake, therefore, design earth-
quake load was increased or level-2 ground motion,
the largest earthquake motion expected at the site or
similar, came to be considered. Since Kobe earthquake
was an inland earthquake and duration of the inland
earthquake is very long, sometimes more than 1,000
years. It can occur, therefore, even if there is no report
of earthquakes.

The most significant damage was that of the Daikai
subway station where center columns were completely
collapsed and the ground surface subsided for more

than 1 meter. Not a few mechanisms have proposed
to explain the damage to the Daikai subway station,
such as shock wave, inertia force by vertical motion as
well as horizontal load from surrounding ground. It is
usual that several mechanisms can explain the cause
of the damage. It is, therefore, important to examine
that the same mechanism can explain undamaged or
slightly damaged structures that is similar to the dam-
aged structure. In this sense, it is important to gather
data not only significantly damaged structures but also
undamaged or slightly damaged structure.

It is also important to distinguish the mechanism
that triggered the damage and that finally collapsed the
structure. In many cases, gravity force is responsible
to cause the final damage. However, if there was not
the former or trigger mechanism, the structure was
not collapsed. It is, therefore, important to find the
first or triggering mechanism. It also indicates that
actual mechanism may not be found when looking at
the final collapsed shape.

As briefly explained in the case history volume
(Yoshida, 2009), numerical analysis of the Daikai sub-
way station and the Nagata station, which is a neigh-
boring station and is similar structure but was damaged
only slightly, indicates that difference of degree of
damage comes from only 0.8 cm relative displace-
ment between the top and the bottom of the structure.
This is the accuracy required in the analysis. In order
to respond this requirement, behavior of soil should
be accurately grasped.

3 QUAY WALL

Lots of quay walls were damaged during the 1995
Kobe earthquake, resulting in displacement of the cais-
son up to several meters towards the sea and subsidence
and horizontal displacement in the backfill ground. It
caused damage to underground structures. It is noted,
however, that these damage to the quay wall is not gen-
eral feature. It is more frequent that a caisson is placed
on the good ground, and displacement of these cais-
sons was small in the past earthquakes. The caisson
in the Kobe city was, however, placed on the replaced
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sand because foundation ground was soft Holocene
clay and there is no doubt that behavior of this replaced
sand strongly affects the movement of the caisson. The
triggering mechanism is not the same in both struc-
tures. In addition, a sheet pile is also used as quay
wall. The mechanism of damage to the sheet pile quay
wall and to caisson quay wall with good foundation
seems similar. The earth pressure from the backfill
ground is responsible.

Among the damage to these types of structures,
that at the Akita port damaged by liquefaction dur-
ing the 1983 Nihonkai-chubu earthquake or similar
was solved by FEM by three studies (Shiomi, 1989;
Iai, 1989; Ohya, 2009). These analyses seemed to suc-
ceed to explain the mechanism of damage. It may be
because displacement at the top of the quay wall is
constrained by tie rod and anchored pile placed at the
unliquefied backfill ground. It means that this case
is a fairly simple case like liquefaction in rigid boxed
sand.

In the case that there is no tie rod or support block,
however, the problem becomes more difficult. Small
difference may result in different displacement. For
example, displacement of the sheet pile quay wall
at the Showa bridge site where the bridge fell down
during the 1964 Niigata earthquake is affected by the
drainage condition (Wang, 2000) although undrained
condition is frequently assumed in the liquefaction
analysis.

As seen in this example, mechanism may not be the
same even in the same types of structures, but change
depending on boundary condition.

4 INDICES OF SOIL PROPERTY

In both types of structures, it is recognized that behav-
ior of soil at large strains has predominant effect on
damage to the structure. At present, however, conven-
tional method to grasp the dynamic and liquefaction
property of soil does not seem to be sufficient.

Since behavior of soil is very complicated, behavior
that has predominant effect is retrieved in each field of
soil mechanics. In addition, in order to make treatment
easy, one index is frequently used in one behavior. For
example, liquefaction strength is represented as shear
stress ratio under 15 or 20 cycles of loading. We should
begin to discuss whether what is the relevant method
to identify material property. It may be different from
conventional one because situation that the engineer
faces seems quite different compared with the past.

The key issues are behavior at middle strains and
very large strains. The dynamic deformation charac-
teristics test is limited up to shear strain of about 0.5%
at maximum for sand based on Japanese conventional
method because hysteresis loop does not stabilize nor
increases as cycle at large strains.

On the other hand, liquefaction strength test
measures behavior at several percents (double ampli-
tude axial strain of 5%, for example). Therefore, data
from 0.5% to several percent is completely missing.

In addition, behavior after the onset of liquefaction
is also not obtained in the engineering practice, but it is
required in predicting the performance of the structure
when surrounding ground liquefies.

At present, the liquefaction strength curve is usually
an important target to evaluate parameters of consti-
tutive model. As Sugano (2009) will report in this
symposium, however, post liquefaction behavior and
residual displacement is different in two analyses using
the same computer code but have different parame-
ters of constitutive model although the liquefaction
strength curves are identical.

5 CONCLUDING REMARKS

There are not a few data on damage to the struc-
tures discussed here, although many of them come
from Japan. Under the performance based design, the
design is not based on complete failure but transient
state to failure for underground structure. The behav-
ior of soil has predominant effect on the behavior of
the structure. The method to identify the soil property
is short and data of soil behavior from middle to very
large strains is missing at present.
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Evaluation of the seismic performance of embankment dams and levees

Robert Pyke
Arcadis, Walnut Creek, California, USA

ABSTRACT: The precise forward prediction of the seismic performance of embankment dams and levees
remains a challenge. This contribution outlines five issues which impede our ability to make precise forward
predictions. These issues do not necessarily prevent rational evaluations of existing structures or the safe design
of new structures but they do mean that it is difficult, if not impossible, to implement true performance-based
design at this time. A workaround is suggested that might be called the continued or renewed use of engineering
judgment.

1 INTRODUCTION

The use of performance-based design, and other
advanced concepts such as lowest life cycle cost,
are important to the future of civil and geotechni-
cal engineering. However, blind application of these
concepts may result in catastrophic misjudgments and
failures similar to the collapse of the financial markets
involving mortgage-backed securities which resulted
not from faulty mathematics but from faulty assump-
tions. With respect to embankment dams and levees,
performance-based designed requires that the proba-
bility of various degrees of deformation in response to
multiple levels of loading be assessed. The probability
of ‘‘failure’’ does not necessarily have to be determined
explicitly but since the consequences side of the equa-
tion is highly nonlinear around the point of ‘‘failure’’,
unless that singularity can be pin-pointed with some
accuracy, the overall approach is limited. Evaluation
of the performance, under both static and seismic load-
ings, of slopes in general, and of embankment dams
and levees in particular, in terms of expected deforma-
tions, rather than just a factor of safety, has long been
a goal in geotechnical engineering and the growing
interest in performance-based design gives a further
push in that direction, but delivery on the promise of
more rational design procedures will require address-
ing the five issues that are discussed in the following
paragraphs. In the case of levees there are additional
issues including how to handle analysis of a linear
structure which may be quite variable along its length
and for which seepage rather than slope stability issues
may dominate.

2 LACK OF CASE HISTORIES

The importance of learning from case histories is
being discussed in another session at this conference.

Its importance here is that calibration and validation of
the analytical techniques that are required as part of a
performance-based design requires multiple, extraor-
dinarily well-documented case histories. It is rela-
tively easy it is to get good agreement in a single
back-calculation but what we need is enough forward
predictions in a bank so that analytical techniques
can be tested for their accuracy in future earthquakes.
Because of the infrequency and unpredictability of
earthquakes, this will take time, as will the devel-
opment of well-documented databases that might
allow the use of empirical relationships to predict
performance.

3 EVALUATION OF IN SITU PROPERTIES

While it is now becoming more common to explicitly
quantify the uncertainty in soil properties in both static
and seismic analyses, experience to date with attempts
to do this in US nuclear practice have shown that the
greatest uncertainty involved is the necessary correc-
tion of modulus reduction and damping curves derived
from laboratory tests to field conditions. This impacts
the potential accuracy of both equivalent linear and
nonlinear analyses. Until reliable data on the changes
in in-situ properties with strain level under multi-
directional shaking is developed, this uncertainty will
continue to exist.

4 SHORTCOMINGS OF SOIL MODELS

The development of the models of complex soil behav-
ior that are required to conduct meaningful analyses
of deformations under seismic loadings is a difficult
task. The challenge is to construct models that are
sophisticated enough to follow real soil behavior but
also simple enough that other engineers can readily
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understand them. They also need to be tested in at
least two different ways. First they need to be able
to replicate elements tests conducted with complex,
cyclic loadings. Then they also need to be checked
against the results of either or both of 1g or centrifuge
model tests. Recent research has emphasized the lat-
ter and neglected the former. One particular feature of
soil behavior that has been neglected is the tendency
of an element of soil to accumulate deformation in the
direction of the initial shear stress when subjected to
even a symmetrical cyclic stress. Models that include
kinematic hardening or comply with the Cundall-Pyke
hypothesis do this, but many other models, including
those that comply with Masing’s hypothesis, do not.
While it may be possible to match the results of a lim-
ited number of centrifuge tests with models that do
not have this characteristic, the more general validity
of such models for forward predictions is extremely
questionable.

5 MISSING MECHANISMS IN ANALYTICAL
MODELS

Existing mathematical models that are used to rep-
resent embankment dams and levees are generally
numerical models of a continuum, albeit one that has
different properties in different regions. However, at
some point excessive deformation results in local-
ization and the development of one or more shear
surfaces. For levees, where the dominant mode of fail-
ure results from under or through seepage, piping and
erosion, a continuum model maybe be able to model
changes in pore pressures and flow rates during a seis-
mic event but it cannot model the most common mode
of actual failure of levees under ‘‘static’’ conditions.

6 SENSITIVITY TO INPUT MOTIONS

A recent study conducted by the author in association
with the University of California, Davis, has shown

that if a soil model is utilized that does properly
accumulate deformations in the direction of the initial
shear stress, the results become much more sensitive
to the general character, and especially the duration, of
the input motions that are used. Thus, design motions
which are derived using statistical averages of large
bins of records, such as may be required to support the
more elegant implementations of performance-based
engineering may yield results that are widely at vari-
ance with the results using input motions representing
more site-specific scenario events. Indeed, the trend
that the author discerns away from full probabilistic
analyses towards use of scenario events undercuts the
more formal implementations of performance-based
engineering.

7 CONCLUSIONS

While full implementation of performance-based
design remains a worthy goal, it remains true that
because of various simplifications and limitations that
will always apply, the purpose of analyses in geotech-
nical engineering is not to make precise predictions
but is to gain insight. Thus the notion that we can use
powerful digital computers alone to optimize designs
using performance-based engineering tools is ques-
tionable. However, such tools can still be used to
provide insight and, when coupled with advanced ana-
log computers that are proficient at pattern-matching,
i.e. the human brain, performance-based engineering
concepts should help guide us to more rational and
economical designs.
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Seismic design of shallow immersed tunnels and underground
metro stations

K. Pitilakis
Aristotle University of Thessaloniki, Greece

ABSTRACT: The aim of the proposed panel is to present for discussion several open or/and less elaborated
issues regarding the seismic design of shallow immersed rectangular tunnels and underground constructions of
large dimensions like metro stations and underground parking stations.

1 INTRODUCTION

Immersed shallow tunnels are long structures crossing
often particularly unfavorable soil conditions. The
transversal and longitudinal seismic design of these
structures are quite demanding while the available ana-
lytical methods are rather simplified with several open
questions regarding the safe design of several parts (i.e.
joints, asynchronous motion, site effects including liq-
uefaction and remedial measures) as well as the way
of modeling SSI effects. Construction details play an
important if not crucial role in the overall design and
response. The input motion characteristics including
ground shaking and imposed ground strains (transient
and permanent) along the structure are determinants
of the design safety. Modeling uncertainties are in
general more important compared to other sources
of uncertainties—e.g., site characterization—because
for these important structures safety margins are more
severe and strict while the geological, geotechnical
and geophysical campaigns are often quite extensive
and complete compared to above ground structures.
However the uncertainties on the modeling of seis-
mic ground response considering 1D, 2D, or even
3D effects, basin effects, non-linear and elastoplastic
soil behavior, liquefaction and liquefaction induced
phenomena, may be quite important. Consequently
the decision making process is a crucial parameter
for the design. It must be also emphasized that in
principle the problem is anticipated in case-by-case.

On the other hand the underground metro sta-
tions are large box type structures often of several
tenths of meters deep and wide and hundred of meter
long. The design practice of this kind of complex
large dimension structures for earthquake shaking,
including ground discontinuities (i.e. faults), is still
based on rather disputable modeling principles. For
example simplified pseudo-static analysis is usually
applied with seismic earth pressure and other iner-
tial type loads, which are inspired from above ground
structure and retaining walls available methods

(i.e. Mononobe-Okabe method). This is in contradiction
with the physical problem governed by the demand
of the structure to sustain safely imposed seismic
ground deformations and displacements. Moreover
the distribution of seismic earth-pressures for these
depths (probably > 20 m) is not well known and
the conventional M-O approach cannot be applied.
The development of dynamic shear stresses along
the faces of the structures is another complex prob-
lem which has to be solved respecting the physics
and the nature of the complex ground and structural
response.

Finally the input motion characteristics including
the effects of incoherent, asynchronous motion and
the spatial variability of site effects are also in this
case an important challenge for the designers. This
may affect the transversal design of the structure but
also the design in the longitudinal direction and in par-
ticular the design of the joints. In the case of immersed
tunnels the role of the joints (GINA gaskets) is a crucial
part of the global design and safety.

2 ISSUES FOR DISCUSSION

Based on the available design models and methods that
are commonly used in practice for the transversal and
longitudinal seismic design of immersed rectangular
tunnels and underground metro stations, the panel pre-
sentation of the hot points will discuss the following
issues:

i. The perceived modeling uncertainties, accuracy
and bias for immersed tunnels and metro stations.

ii. How modeling uncertainties can either be con-
trolled, minimized or accounted for in practice.

iii. Which are the major limitations of commonly
used models and methods, including physical
mechanisms that are not adequately modeled.

iv. Site characterization, ground motion character-
istics and associated uncertainties.
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v. Realistic hierarchy of relative importance of
different sources of uncertainties and compro-
mises, with respect to engineering practice needs.

The discussion—for both immersed rectangular
shape tunnels and large deep metro stations—is addre-
ssed in particular on the following subjects:

a. Modeling in the transversal direction

• conventional pseudo-static inertial type analysis
• ‘‘racking’’ type modeling
• full 2D dynamic analysis
• hybrid modeling with imposed seismic ground

deformations, considering also SSI effects
• selection of representative soil profiles along

the axis
• input motion characteristics including complex

site effects and liquefaction
• impedance factors for SSI analysis
• dynamic and geostatic earth-pressures
• seismic shear stresses along the slabs and the

vertical diaphragm walls

• incoherent ground motion in the two horizontal
directions

• relative importance of seismic loads to the static
loads (for the metro stations only).

b. Longitudinal response and design of immersed
rectangular tunnels

• longitudinal response of long structures and
design principles

• incoherent ground motion and apparent velocity
• design of GINA joints
• impedance factors for the longitudinal modeling
• impact of the differential longitudinal permanent

ground displacements.

The aim of the panel discussion is to highlight the
complexity of the problems encountered in the design
of these kinds of structures, to discuss the reasonable
compromises that could me made from engineering
point of view, for a safer, scientifically sound and eco-
nomic design, and finally to open the panel discussion
on few of the items introduced.
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The role of soil properties in performance-based design

M. Maugeri & S. Grasso
Department of Civil and Environmental Engineering, University of Catania, Italy

ABSTRACT: Performance-Based Design (PBD) is a more rational approach, particularly in seismic
environments. In this approach it is relevant the performance required to structures and to geotechnical works, as
well as the geotechnical constitutive models used to predict the performance. The parameters of the constitutive
models are related in turn to soil properties. So soil properties are a key point for Performance-Based Design.
Questions arising are: (i) which are the more relevant soil properties to solve a specific PBD geotechnical prob-
lem? (ii) which are the more relevant model parameters and how they can be evaluated and/or correlated to soil
properties? (iii) which is the role of the soil parameters uncertainty in Performance-Based Design? An answer to
these questions is given in this paper, outlining the potential offered by the new advanced in-situ and laboratory
tests and discussing the performance required by some geotechnical works.

1 INTRODUCTION

To link soil properties to the performance evaluation,
we need to specify which one of the performance
parameters is more relevant; i.e. in the case of shallow
foundations, limitation to: vertical total or differen-
tial settlement, horizontal displacement, rotation of
the building, to avoid a significant uplifting. Also a
limitation on the performance must be linked not only
to serviceability limit state, but also to the cost of
recovering of tilting in the case of building rotation
and/or the cost of the maintenance of repairing the
cracks of the building in the case of excessive differ-
ential settlements. This last aspect of the maintenance
is outside the aim of this paper, which is focused on
the relation between soil parameters and related per-
formance parameters of Performance-Based Design of
geotechnical works. The selected soil properties could
in turn be correlated to model parameters, depending
on soil constitutive models of elementary soil volume
and on geotechnical models selected for the design of
the geotechnical work. Finally it is outlined the role
of the uncertainty of soil parameters, due to different
in-situ and laboratory equipment used, on the per-
formance response of some geotechnical works and
thus on the Performance-Based Design. Also the soil
properties are relevant for the evaluation of seismic
action and consequently on the PBD of geotechnical
works.

2 MORE RELEVANT SOIL PROPERTIES
FOR SEISMIC STABILITY OF PHYSICAL
ENVIRONMENT AND PERFORMANCE
BASED DESIGN

2.1 Soil properties relevant for site response

Preliminarily to Performance-Based Design there is a
need to know the seismic action. In general the loads to
be sustained by the structure is given by Regulations.
In the case of seismic action the seismic loads to be
sustained by the structure is depending on soil prop-
erties of foundation soil by means of the analysis of
local site response. Which are the soil properties to be
considered for the analysis? And which is depth at
which site investigations must be extended? Accord-
ing to many Regulations, the more relevant soil prop-
erties for the evaluation of site response are: shear
modulus, damping and unit weight. The shear mod-
ulus can be evaluated by the theory of elasticity
by means of measurement of shear waves velocity.
According to many International Codes, the recom-
mended depth of investigation is 30 m. Also some
codes, as the earthquake engineering European Code
(CEN EC8, 2003), suggests to evaluate the aver-
age shear waves velocity in the upper 30 m of soil, for
the evaluation of the coefficient S of site amplification
of the maximum acceleration at the bedrock. Some
authors (i.e. Assimaki and Kausel, 2001) suggest that
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the site investigations must be extended at least at
100 m depth. In the past was very difficult to take
shear waves velocity measurements at a depth greater
than 30 m. But now by means of new advanced in-situ
tests (Stokoe et al., 2005) it is possible to detect the
shear waves profile at a depth even greater than 100 m.

It has been observed (Idriss, 2008) that the aver-
age shear waves in the upper 30 m of soil (Vs30) is
not a representative parameter for site amplification
evaluation. Soil amplification factors given by codes
(i.e. CEN EC8, 2003), based on Vs30, are average val-
ues. These values (ranging between 1.00–1.35, in the
cases of EC8) could underestimate very much the local
site amplification. In the case of the microzonation of
the city of Catania, soil amplification ranges between
0.8 up to 4.0 with a maximum acceleration ranging
between 0.15 g and 0.80 g (Maugeri & Grasso, 2008).
Bigger accelerations, more than 1.0 g, have been eval-
uated for some small areas of Catania city by Faccioli
et al. (2002), while according to the new Italian Reg-
ulations (D.M. 14/01/08, 2008) it should be ranging
between 0.225 g and 0.390 g. Perhaps the most critical
uncertainties on the overall processes of Performance-
Based Design is linked with the estimation of seismic
loads to be applied to the given structures. By the way
the maximum design accelerations, as far as the knowl-
edge has been improved in the last 35 years, has been
increased from 0.20–0.30 g in ‘70 s up to 0.60–0.80 g
nowadays (Figure 1), according to Ishihara (2008).

Site response analysis depends also on damping,
which can be evaluated by laboratory tests, with some
uncertainties as will be reported in the follows.

2.2 Soil properties relevant for seismic slope
stability

The Performance-Based Design must take preliminary
into account the stability of inclined foundation soil.

In this case also a topographic amplification fac-
tor must be taken into consideration. Santucci De
Magistris et al. (2008) reported that the maximum soil
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Figure 1. Increasing demand from seismicity and geotech-
nical performance-based design (after Ishihara, 2008).

amplification was 2.7 for a slope with an inclination
of about 10◦ located at San Giuliano Di Puglia (Italy)
where, during the Molise earthquake of October 31,
2002 (M = 5.4), a primary school building collapsed
causing the death of 27 children. Cavallaro et al.
(2008) for the Monte Po landslide located in Catania
(Italy) quoted the stratigraphic amplification factor
of about 1.5 and the topographic amplification fac-
tor of about 1.2, for a total amplification factor of
about 1.8 for a slope with an inclination of about
13◦. According to the Eurocode 8 (CEN EC8, 2003)
the topographic amplification factor for a slope angle
less than 15◦ could be neglected. The performance
required for the stability of a slope during seismic
action, is the maximum acceptable displacement. It
must be related to the structure surrounding the slope;
i.e. D = 5 cm allowable displacement for slope move-
ment in a urbanized area; D = 10 cm allowable
displacement for slope movement in a non urban-
ized area (Jibson R.W. & Keefer D.K., 1993). For
the evaluation of the maximum acceptable displace-
ment it can be used a Newmark (1965) approach. The
most relevant soil properties for using this approach
are the dynamic peak friction angle φ (new land-
slide) or residual angle (reactivated landslide) for
drained conditions and the undrained cohesion Cu
for undrained conditions. The Newmark approach
has been modified by Biondi and Maugeri (2005),
taking into account the degradation index t (Caval-
laro et al., 2001), for undrained resistance due to
cyclic load for clay slope. In Figure 2 is reported the
influence of the index degradation parameters on the
displacement accumulated on the slope during cyclic
loading.
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Figure 2. Soil displacement in relation to the value of the
index degradation parameters.
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Biondi et al. (2000), take into account the increasing
of pore pressure �u during an earthquake for sandy
slope by means of empirical correlations. In this case
the key soil parameter is the relative density Dr . In
Figure 3 it is possible to see that large deformation
occurs for loose sand (Biondi et al., 2002).

2.3 Soil properties relevant for liquefaction
analysis

The Performance-Based Design must takes prelim-
inary into account the occurrence of liquefaction
phenomena. The liquefaction phenomena are gen-
erally analysed by means of the evaluation of the
cyclic resistance ratio (CRR) which must be greater
than the cyclic stress ratio (CSR). Empirical corre-
lations are generally used for the evaluation of CSR
and CRR. The CRR evaluation is almost based on
empirical correlations with SPT, CPT and Vs (Idriss
and Boulanger, 2004). Vs could be measured by
Down Hole, Cross Hole, SASW and others (MASW,
SWM, Re.Mi., SSRW, CSW, etc) and more recently by
the new Seismic Dilatometer Marchetti Test (SDMT)
(Monaco et al., 2005). In Figure 4 are reported the
results of a Dilatometer Test on sandy soil located on
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Figure 3. Soil displacement in relation to the value of
relative density parameter Dr .

the shore line of the Catania city (Italy). In Figure 5
are reported the CSR and CRR evaluated by empirical
correlations based on SPT and CPT results.

CRR based on SPT is at some depths greater than
CSR. The same occurs for CPT. Figure 6 reports
CRR evaluated by empirical correlations based on
Vs and KD measured by the new Seismic Dilatometer
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Figure 4. SDMT soil properties results relevant for lique-
faction analysis.
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Figure 5. Comparison between CSR and CRR evaluated by
SPT and CPT, for Catania (Italy) shore line sand.
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Marchetti Test (SDMT). The results show that the CSR
is greater than CRR based on Vs almost at each depth.
While CSR is lower than CRR based on KD measure-
ments. So the potential liquefaction is very high using
Vs, high using SPT and CPT and is low using KD. Vs
seems to be not appropriate parameter also because it
is not able to detect the upper rigid crust while it is
clearly captured by KD measurements.

3 MODEL PARAMETERS REQUIRED
FOR THE CONSTITUTIVE MODELS USED
FOR PBD OF GEOTECHNICAL WORKS

3.1 Relevant soil parameters for the performance
required to geotechnical works

After evaluating the stability of foundation soil against
slope instability and liquefaction, the design procedure
must check the performance required to geotechnical
works: shallow foundations, pile foundations, retain-
ing wall, quay wall, reinforced retaining wall, anchored
diaphragms, embankments, dams, landfills, pipelines,
etc. The performance required at the ultimate limit
state is to satisfy the limit equilibrium, checking the
bearing capacity and horizontal sliding for soil and
normal and shear stress and moment in the founda-
tion. The performance required at the serviceability
limit state are reported in the follows for the main
typology of geotechnical works.

For shallow foundations vertical settlements, hori-
zontal displacement and foundation rotation, includ-
ing uplifting (Gazetas, 2006), must be checked. The
evaluation of these performance can be made by exper-
imental, theoretical and numerical modeling. The
fundamental soil parameter for the evaluation of the
performance of shallow foundation is the soil stiff-
ness k(N/m3). Soil stiffness depends indeed on soil-
structure interaction, so it is possible to define Kz and
Ky (N/m), to evaluate vertical and horizontal displace-
ment and Kyz (Nm) to evaluate foundation rotation.
According to Gazetas (1991), analytical expression of
Kz, Ky and Kyz are given in function of soil properties
shear modulus G and normal modulus E or Poisson
ratio ν. For seismic conditions, the key parameter
is the soil impedance Kzdyn, Kydyn and Kyzdynwhich
are function of the soil stiffness and damping C. For
pile foundations vertical settlement, horizontal dis-
placement and rotation at the head of the pile must
be checked; horizontal displacement and bending
moment along the pile must be checked for inertial
and kinematic soil-pile interaction. The fundamental
soil parameter for the evaluation of the performance
of pile foundation are the soil stiffness k(N/m3) for
static conditions and the soil impedance Kdyn for seis-
mic conditions (Gazetas, 1991), for the evaluation of
inertial interaction. For the evaluation of kinematic
soil-pile interaction particularly for layered soil a key

parameter is the ratio between the shear modulus of
the soil layers, according to the solution given by
Mylonakis (2001) and by Cairo et al. (2008). For
retaining walls horizontal displacements and rotations
must be checked on the basis of the static and dynamic
earth trust, according to Caltabiano et al. (2005),
taking into account the inertial forces on the wall and
on the wedge, as rotations develop, and by means of a
pseudo-dynamic procedure based on modified New-
mark analysis for PBD (Biondi et al., 2009), taking
into account also the change of the system geometry,
as displacements develop. In any case, the relative
density state parameter Dr is a key point for the eval-
uation of the earth trust and then for the evaluation of
PBD for earth retaining walls.

3.2 Soil properties for simple constitutive models

The simplest and perhaps the more used constitutive
model is the linear elastic model. This model is char-
acterised by only three soil parameters: G, E, v. These
parameters are linked by the elastic theory, so only
two are independent. In general G and v are measured
(v = εx/εz) and E is obtained by: G = E/2(1 + v).
Using the elastic non linear model, the decreasing of
elastic soil parameters with the normal soil deforma-
tion ε, the shear deformation γ and the volumetric
deformation εv , must be evaluated.

Another very simple constitutive model much used
by practitioners is the perfectly-plastic model. This
model in drained conditions is characterised by the
soil parameters cohesion c and friction angle φ (Mohr
Coulomb model), in undrained conditions is charac-
terised by cu (Tresca model). At large deformations
the friction angles φ is decreasing from peak values to
residual values (φres). φres is a key parameter for the
evaluation of the reactivation of old landslides, partic-
ularly for clayey soils with clay particles load-oriented.

The viscous modulus is characterised by the damp-
ing coefficient C; the damping ratio D = Cω/2G
is in general measured by laboratory tests (see next
chapter). This very simple model is very useful to
use for dynamic analysis. In general visco-elasticity
is not appropriate on its own for describing actual soil
response, but visco-elastic element is often included
within more sophisticated elastic-plastic models.

3.3 Soil parameters for advanced constitutive
models

Among the more advanced constitutive models per-
haps one of the more used elasto-plastic constitutive
model is Cam Clay model (Schofield and Wroth,
1968). The Cam Clay model is characterised by six
parameters. two of them are elastic parameters: bulk
modulus K , shear modulus G; four are plastic param-
eters: slope of critical state line (λ), intercept for
critical-state line (vλ) at p = 1 kPa, slope of swelling
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lines (k), critical-state angle of friction (φcv). The Cam
Clay model is implemented in may commercial codes
and can be used by practitioners. Another constitu-
tive model implemented in many commercial codes is
the Drucker-Prager (1952) model with capping. This
model is characterized by nine parameters, described
and evaluated in Figure 7 for Leighton Buzzard clay.

Among the more advanced elasto-plastic constitu-
tive models, it can be used the Severn-Trent model
(Gajo and Wood, 1999), recently implemented by
Abate et al. (2008) in the ADINA code. This model is
characterised by ten model parameters, two of which
are elastic soil parameters (v and G) and eight are plas-
tic parameters. Among plastic parameters, three are
of clear physical meaning (λ, vλ and φcv), and can be
evaluated by routine laboratory tests; five are model
parameters with not always clear physical meaning.
These last can be evaluated by trial and errors pro-
cedure from triaxial tests. In Figure 8 is reported the
evaluation by trial and errors of the parameter R for
Leighton Buzzard sand. In Figure 9 are described and
reported all the model parameters of the Leighton
Buzzard model for the Leighton Buzzard sand. Model
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Figure 7. Model parameters and their evaluation by cap-
hardening Drucker-Prager constitutive model for Leighton
buzzard sand.
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Figure 9. Model parameters and their evaluation by Severn-
Trent constitutive model for Leighton buzzard sand.

parameters with clear physical meaning are in general
also soil parameters and their values could be very
significantly for PBD. Model parameters with non
physical meaning could be in some cases less relevant.

4 INFLUENCE OF UNCERTAINTIES OF SOIL
PROPERTIES ON PERFORMANCE BASED
DESIGN

4.1 Uncertainties due to spatial variation

From previous paragraphs the soil properties relevant
to PBD are reported in Figure 10. These soil properties
are affected by spatial variability due to soil hetero-
geneity along vertical and horizontal direction. To take
into account the effect of spatial variation of soil prop-
erties a comprehensive number of boreholes extended
at a representative depth and a comprehensive number
of undisturbed samples must be taken from boreholes.
Also a comprehensive number of in-situ tests must
be performed. In Figure 11 are reported the stratigra-
phy and the Vs profile of three borings in the city of
Catania, where soil heterogeneity is very pronounced.

In this situation about 1200 borings were used for
the geotechnical modeling of the soil at the Catania
city. The investigated urban area of Catania is about
45 km2, so the average density is about of 25 boreholes
for each km2; in the city centre there is a higher density
of about 250 boreholes for each km2. In figure 12 are
reported the spatial variation of the values of the shear
modulus G0 at different sites of the city of Catania.

The values of G0 at depth are ranging between 50
and 400 MPa for clay sites (Piana di Catania and Via
Stellata) and between 500 and 1200 MPa for volcanic
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E0’;Eu Initial Young modulus
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G0 Initial shear modulus
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D0 Initial damping ratio
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Figure 10. The most common soil properties to be evaluated
by in-situ and laboratory tests.

(a) (c) (b)

Figure 11. Heterogeneity of the soil of the city of Catania.
Soil stratigraphy and Vs profiles: (a) soft soil over fractured
lava; (b) lava layers interbedded on soft soil; (c) lava over soft
soil.
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Figure 12. Heterogeneity of the soil of the city of Catania:
G0 profiles measured by similar test typologies (D-H and
C-H tests) at different sites.

sand and lava sites (Tavoliere, Piazza Palestro and San
Nicola alla Rena).

Similar considerations can be made for other soil
properties as Vs, G0 cu, c′ and φcv . Soil non linearity,
given by (Eε), (Gγ ), v(ε) and (Dγ ), is discussed in the
following paragraphs.

4.2 Uncertainties due to different in-situ
and laboratory equipment

Soil properties can be measured by in-situ and labo-
ratory tests. As far as shear modulus G0 is concerned,
generally in situ evaluation based on Vs measure-
ments is greater than the laboratory measurement
based on resonant column tests (RCT) and cyclic load-
ing torsional shear tests (CLTST). Some differences
occur also using different laboratory equipments. In
figure 13 the differences of G0 evaluation by means
of RCT and CLTST is about 15%.

Even bigger differences occur for the evaluation of
the damping ratio D. In figure 14 the differences
of D evaluation by means of RCT and CLTST is
very significant. At small strains the damping ratio
evaluated by RCT tests is ranging between 3% (by
Method of amplitude decay) and 4% (by Steady-state
method), while the damping ratio evaluated by CLTST
tests is about 1%. This scatter is due to shear rate,
which is ranging between 1 and 5000% for minute for
CLTST tests, while it is about 1000 times bigger for
RCT tests. The high shear rate reached during RCT
test is much greater than that reached during a destruc-
tive earthquake and it leads to higher values than
those given by CLTST tests, particularly for damping
ratio.

By the way, damping ratio values obtained by old
resonant column equipment were even bigger than
about 10% for 0.01% shear strain (Seed & Idriss,
1970). This result could be caused also by damping
phenomena in the apparatus; because of this result,
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Figure 13. G(γ ) evaluation by RCT and CLTST tests for
the volcanic sand at Catania Piazza Palestro site.
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typical soil damping chosen by practitioners is 10%,
while it is more realistic to use a damping ratio equal
to 5% or less.

A further very relevant soil parameter is the Young
modulus E. Generally, G and ν are measured; the lat-
ter measured by cyclic loading triaxial test (CLTxT)
and multiloading triaxial tests (MLTxT). This proce-
dure gives some uncertainties on the E values. A more
precise evaluation of E value can be made by a CLTxT
with double ball bearing (Cavallaro & Maugeri, 2004),
as reported in figure 15. In figure 16 the evaluation of
ν value by the same triaxial apparatus is reported.

Among soil parameters reported in figure 10, a key
parameter for performance-based design of geotech-
nical works is the relativity density DR, that is a state
parameter. This parameter can be evaluated by empir-
ical correlations by SPT, etc, but these correlations
show big scatter. More reliable values can be evalu-
ated by D-H tests, by measuring Vs and Vp (Foti &
Lancellotta, 2004).

4.3 Uncertainties due to test sensitivity
and repeatability

When soil properties are detected by in-situ tests, in
general they are evaluated by means of empirical cor-
relations. These correlations show some scatter, so to
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Figure 15. E(εa) evaluation by CLTxT and MLTxT tests for
the Noto (Italy) clay.
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Figure 16. ν(εa) evaluation by CLTxT and MLTxT tests for
the Noto (Italy) clay.

evaluate soil properties for PBD it is better to use more
than one correlation (redundancy of data is preferable).
Soil parameters directly measured by in-situ tests show
an accuracy of data and repeatability which depend on
the type of apparatus used and the procedure followed
for the measurement. For instance the evaluation of
Vs by C-H test is more accurate than that evaluated by
D-H test; in turns the Vs evaluated by SDMT is more
accurate than that evaluated by C-H test. In addition
SDMT is very useful to practitioners because it gives
many other parameters for PBD.

As regards laboratory tests, almost the new appara-
tus has an higher sensitivity, but repeatability can be
suffered by test procedure, particularly for remoulded
samples. Also undisturbed samples, when affected
by some disturbance, even if it is very light, could be in
some cases influencing the evaluation of soil properties
for PBD. Other uncertainties could arise from the inter-
pretation of experimental results. In some cases the
different results interpretation of in-situ tests and lab
tests could lead to uncertainties on PBD. For instance
different interpretation for a test pile leads to different
evaluations of G0 and limiting shaft friction (fs) and
so to different evaluation of pile settlements due to
negative skin friction. Using different model with the
same soil parameters G0 and fs, the evaluated settle-
ments are quite similar. It can be concluded that the
influence on the results due to different soil models is
less than the influence due to different evaluation of
soil properties (Maugeri & Castelli, 1996).

5 CONCLUSION

Dynamic soil properties such as Vs, (Gγ ), (Dγ ),
are relevant for the assessment of seismic actions to
geotechnical works. There is an increasing demand
to resist to high seismic action and PBD is the only
rational answer to this demand. For PBD we use con-
stitutive models based on model parameters which can
be linked in some cases to soil parameters; in some
other cases they can be evaluated by laboratory tests or
by in-situ tests (i.e. pile tests) by trial and errors. The
interpretation of these laboratory and in-situ tests is
a key point for evaluating reliable soil properties and
model parameters. The uncertainty of soil properties
due to spatial variation, different in-situ and laboratory
equipment and sensitivity and repeatability of tests is
discussed. It is concluded that a proper evaluation of
soil parameters is indeed a key point for PBD.
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Role of soil investigation in performance based design

A.M. Kaynia
Norwegian Geotechnical Institute, Oslo, Norway

ABSTRACT: The focus of this discussion is on i) seismic response of slopes, and ii) seismic soil-structure
interaction (SSI) for large structures such as gravity-based structures. The two most governing parameters for
performance assessment in these problems are the shear modulus and the cyclic shear strength of the soil.
This discussion addresses two questions: i) the most suitable equipments to measure the soil parameters, and
ii) the uncertainties in the evaluation of the soil parameters by the specific equipment. In regions with moderate
to strong seismicity, earthquakes could represent large loads in geotechnical designs such as in slopes. Use of
traditional methods such as quasi-static stability analyses often leads to unrealistic solutions. Allowing for a PBD
in which one computes the earthquake-induced strains and displacements and evaluates them against permissible
levels is a realistic alternative. An important element in this discussion is the role of site investigation and the
adopted methods together with the uncertainties in the interpreted soil parameters.

1 BACKGROUND

The focus of this discussion is on the following two
Performance-Based Design (PBD) problems encoun-
tered often in geotechnical earthquake engineering:
1) seismic response of slopes, and 2) seismic soil-
structure interaction (SSI) for critical and large struc-
tures, such as gravity-based structures (GBS), under
severe earthquake loading. The two most governing
parameters for these problems are the shear modulus
and its variation with shear strain, and the cyclic shear
strength of the soil. These parameters are essential
in calculating the earthquake-induced lateral displace-
ments in slopes as part of the assessment of co-seismic
and post-seismic slope instability, and lateral perma-
nent displacement of the structures. The earthquake
criteria for most critical structures, such as most off-
shore projects, call for design for earthquakes with
large return periods of the order of several thousand
years. Even in regions with moderate seismicity, such
return periods correspond to large earthquake loads.
Use of traditional methods such as quasi-static stability
analyses often leads to unrealistic solutions. Allowing
for a PBD in which one computes the earthquake-
induced strains and displacements and evaluates them
against permissible values is a realistic alternative. The
designer is then confronted with the question of the
reliability of the predicted nonlinear response, and
the question that arises often is how to bracket the
response.

An important element in this discussion is the role
of site investigation and the adopted methods together
with the uncertainties in the interpreted soil parame-
ters. Some of these questions are briefly discussed in
the following sections.

2 SOIL INVESTIGATION ISSUES

2.1 Suitable equipments to measure shear modulus
and shear strength of soils

Both the shear modulus and shear strength can be
measured in situ and in the lab with fairly good accu-
racy. The cyclic shear strength in the lab can be deter-
mined using the direct simple shear (DSS) and triaxial
equipments. For long slopes and large GBSs, how-
ever, the non-linear response is often dominated by the
shear response of the soil; therefore, the most suitable
test is the DSS. Use of Bender Elements in the DSS
apparatus, in addition, makes this apparatus capable
of measuring the small-strain shear modulus. Alterna-
tively, one could use the resonant column test which
in addition to small-strain shear strain provides a mea-
sure of the damping. Variations of the shear modulus
and damping at larger strains can be obtained from the
cyclic DSS tests.

In the field, one of the best equipments for estimat-
ing the shear strength and shear modulus is believed to
be the CPT. This in situ testing technique provides the
following information and has the related advantages
(e.g. Lunne et al., 1997):

• Continuous profile
• Several parameters are measured as follows and can

be combined for enhanced interpretation

– Layering and soil identification in each layer
– Strength and deformation characteristics through

theoretical and empirical interpretation schemes
– Permeability and coefficient of consolidation

through pore pressure dissipation tests
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– Shear wave velocity and hence small-strain shear
modulus, Gmax, from addition of seismic cone
(SCPT)

– Empirical methods for direct assessment of liq-
uefaction potential

• The tests are well standardized and good quality data
can be obtained if one adheres to these standards

• Cost effective—one can determine several profiles
in one day.

2.2 Uncertainties in the evaluation of soil
parameters

This section focuses on the same two equipments men-
tioned in the preceding section.

In a DSS test, as in most other tests, the largest
uncertainty is due to sample disturbance. Sample dis-
turbance is caused by several factors, including

– Preparation and drilling of borehole (relevant for
down-hole mode sampling only)

– Penetration of the tube into the soil
– Stress relief
– Handling, transportation and storage of the sample

Neglecting the effects of sample disturbance usually
results in strength and deformation parameters that are
on the low side; however, in some cases, the derived
strength may be too high. Extensive research has there-
fore been done to quantify the degree of sample distur-
bance (see, for example, Lunne and Andersen, 2007).

Other sources of uncertainty are specimen prepara-
tion (trimming, reconstituting from disturbed samples,
specimen non-homogeneity), controlling height (both
in active height control and locked height), and testing
procedures (including different standards).

The uncertainties are potentially larger with deter-
mination of the shear modulus and damping in the
resonant column test beyond the small-strain range.
Moreover, there is the issue of isotropic (apparatus
limitation) versus anisotropic stress conditions in the
test which affects the results.

The CPT is a field test and thus represents other
sources of uncertainties compared to lab testing. The
following constitute the most important sources of
CPT uncertainties (Lunne et al. 1997):

– Measurement of sleeve friction for CPTU is still
uncertain and less reliable compared to measured
cone resistance and pore pressure.

– Interpretation methods for sands are mostly valid
for predominantly quartz, low compressibility type
material, fine to medium, uniform sands that are
un-aged.

– In some soil types interpretation are quite uncer-
tain, especially sands with high fines content, silty
material, and compressible sands like calcareous
material.

2.3 Role of soil parameter uncertainties
on the solution of geotechnical PBD

Both of the parameters mentioned above (that is,
stiffness and shear strength) have potentially large
impacts on the estimation of the forces and displace-
ments and the nonlinear responses in PBD. Low values
of the shear strength generally result in larger slump-
ing/downslope movement in the slope and larger slid-
ing/permanent lateral displacement of the structure.
Similarly, high values of the shear modulus of the
soil result in larger accelerations in the soil and larger
forces in the structure.

Failure in capturing the true soil behaviour beyond
the peak strength results in additional uncertainties
in predicting the roil response. Figure 1 illustrates
an example (Kaynia, 2009). The figure shows the
time history of the shear strain at 5 m depth in an
11-degree submarine slope under the Imperial Valley
earthquake scaled to PGA = 0.5 g on the bedrock.
The soil column is 150 m deep with constant shear
strength equal to 5 kPa in the top 5 m and increas-
ing 1.25 kPa/m with depth. The figure compares the
results for perfectly plastic soil response after the peak
shear strength against a strain-softening behaviour.
The residual shear strength is attained at shear strain
5% and is 80% of the cyclic shear strength. Larger
differences are expected for more brittle behaviour of
the soil.

To account for the uncertainties in the shear mod-
ulus, some codes specify a lower and an upper esti-
mate of the shear modulus from the best-estimate shear
modulus profile (e.g. lower and upper estimated pro-
files equal to 2/3 and 3/2 times best estimate pro-
file according to ASCE 4–98). Alternatively, one can
establish a probability distribution for the shear modu-
lus. Following the same principle, one could establish
a probability distribution for the shear strength of the
soil. The probability of failure of the slope, or prob-
ability of the displacements (in slope or under the
structure) exceeding a pre-defined value based on an
acceptable performance, can be estimated by follow-
ing the principles of probability theory, for example
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Figure 1. Example of effect of strain softening on seismic
response of slope.
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through Monte Carlo simulations. In such analyses,
one might also incorporate the information about the
seismic hazard as is done in a rigorous probabilistic
approach such as the one proposed by PEER.

REFERENCES

Lunne, T., Robertson, P.K. & Powell, J.J.M. 1997. ‘‘Cone
Penetration Testing in Geotechnical Practice’’, E & FN
Spon, London, UK.

Lunne, T. & Andersen, K.H. 2007. ‘‘Soft clay shear strength
parameters for deepwater geotechnical design’’. Keynote
address, Proc., 6th Int. Offshore Site Investigation and
Geotechnics Conference; Confronting New Challenges
and Sharing Knowledge, 151–176, 11–13 September
2007, London, UK.

Kaynia, A.M. 2009, ‘‘Quiver—a numerical code for simula-
tion of one-dimensional seismic response of slopes’’, NGI
research report 20071851-1.

251

©2009 Taylor & Francis Group, London, UK

  



Role of soil investigation in performance-based design
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ABSTRACT: Performance-based seismic design offers the potential for more rational and consistent design of
structures in different seismic environments. Performance-based design frameworks that characterize uncertainty
in ground motions, soil-structure response, physical damage, and loss estimation offer the potential for illustration
of the effects of uncertainty in soil properties on various aspects of performance. Increased uncertainty will tend
to increased expected levels of response, damage, and loss for a given hazard level (or return period). It is
important to recognize that different soil parameters will have different effects on uncertainty, and that other
sources of uncertainty may contribute as much or more to the overall estimate of performance. Nevertheless, it is
always desirable to reduce uncertainty to the greatest practical extent, and performance-based concepts provide
a framework in which the potential benefits of additional investment in soil investigation can be investigated and
documented. The use of such procedures can provide the opportunity for geotechnical engineers to illustrate and
quantify the benefits of such investments.

1 INTRODUCTION

The implementation of performance-based design
(PBD) requires that geotechnical and structural engi-
neers be able to predict the performance of structures
or facilities of interest in advance of earthquake shak-
ing with reasonable accuracy. This requirement leads
to two natural questions—what constitutes ‘‘perfor-
mance,’’ and what constitutes ‘‘reasonable accuracy?’’
General answers to these questions are difficult to
provide because each structure and each site are likely
to be different, sometimes in ways that can strongly
influence performance.

Structural and geotechnical performance can be
described in terms of response, physical damage, and
loss levels. It can be useful to divide cases of inter-
est into those in which ground failure (meaning the
development of significant permanent deformations)
occurs or does not occur. It should be noted, how-
ever, that many PBD frameworks consider multiple
ground motion hazard levels, the lowest of which may
be unlikely to produce permanent deformations and
the highest of which are likely to cause significant
permanent deformations. When ground failure does
not occur, the primary role of the soil profile is to
amplify/de-amplify incoming ground motions and to
interact in some manner with the foundations and
structure. When ground failure does occur, response
(e.g., the settlement of a slab-on-grade foundation),
physical damage (e.g., the width, depth, and spacing
of cracks in that foundation), and loss (e.g., the cost
of repairing the cracks) can all be affected by the soil.

The purpose of a subsurface investigation is to
define the geometry and material properties of all sig-
nificant soil units whose behavior could affect the per-
formance of the structure of interest. The investigation
should be designed with consideration of the charac-
teristics of the structure of interest. It is important
to know the fundamental period (and, desirably, the
periods of any important higher modes), height, duc-
tility, and anticipated foundation type(s) of the struc-
ture before beginning the subsurface investigation.
Although the subsurface investigation may take place
in a relatively small area, the larger-scale geometry of
the area surrounding the site must be determined—
tall and/or flexible structures may, for example, be
influenced by longer-period surface waves that may
propagate within a basin whose dimensions far exceed
those of the site. With this as background, comments
in regards to a couple of the questions posed to the
discussion session panelists can be offered:

1.1 Which are the most relevant soil parameters
to solve a specific PBD geotechnical problem?

As alluded to previously, questions like this must
ordinarily be addressed on a case-by-case basis since
details associated with the site and the structure can
strongly influence performance. There are, however,
some general statements that can be made.

At sites where ground failure is not expected, either
due to weak ground motions or strong soils, evalu-
ation of site response and soil-foundation-structure
interaction are the two geotechnical tasks that most
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strongly affect performance estimation. The site
response problem will generally be most sensitive to
the stiffnesses and geometries of the major soil units.
Geotechnical practice typically uses the low-strain
shear modulus, Gmax, to ‘‘anchor’’ the soil model
in a response analysis, and that parameter is best
determined from measured shear wave velocity, Vs.
It is important to characterize shear wave velocity all
the way down to the ‘‘half-space’’ assumed to exist
below the modeled profile in most site-response pro-
grams; experience from past earthquakes has shown
that velocities have varied more than engineers fre-
quently anticipated and that that variation contributed
to the response in a way that was not captured in the
analyses. Defining transitions in Vs between layers
of different stiffness can also be important. Damp-
ing characteristics can become important, but usually
have a second-order effect on response compared to
soil stiffness.

A number of investigations of the effects of uncer-
tainty in soil properties on site response (e.g., Faccioli,
1976; Whitman and Protonotarios, 1977; Costantino
et al., 1993; Silva, 1993, 1997a; Electric Power
Research Institute, 1993; Hwang and Huo, 1994; Lee
et al., 1998; Tsai, 2000) have been reported in the
literature. Bazzurro and Cornell (2004) investigated
nonlinear response of sandy and clayey sites consider-
ing uncertainty in soil properties and record-to-record
variability in earthquake ground motions. Performing
the analyses with base case soil profiles and suites of
soil profiles with randomized soil properties showed
that the average amplification factor was affected very
little by the modeled uncertainty in soil properties
(Figure 1a), and that the uncertainty in amplification
factor was modestly increased (mostly at low frequen-
cies) by uncertainty in soil properties. In all cases, the
overall uncertainty was dominated by record-to-record
variability. Analyses conducted at the University of
Washington showed similar results. Figures 2 and 3
show tornado diagrams for a site analyzed with differ-
ent ground motions and randomized soil properties;
the effects of uncertainty in ground motion intensity,
IM, can be seen to exceed those associated with spe-
cific soil properties. Of the soil properties, uncertainty
in soil stiffness contributed most strongly to overall
uncertainty—at lower periods (Figure 2), the modulus
reduction and damping behavior were more influential
than shear wave velocity; at longer periods (Figure 3),
that relationship was reversed.

When ground failure is anticipated, the parame-
ters that control permanent deformation also become
important—however, it should be noted that Gmax
(or Vs) remains important. In the absence of lique-
fiable soils, characterization of the shear strength of
the major soil units, particularly the softer and weaker
units, is important for estimation of permanent defor-
mations. For liquefiable soils, characterization of the
density is critical since it will strongly affect pore

Figure 1. Results of site response analyses with and without
soil parameter uncertainty: (a) mean amplification factor, and
(b) log standard deviation of amplification factor (Bazzuro
and Cornell, 2004).

Figure 2. Tornado diagram illustrating relative influence of
different parameters on median drift of nonlinear structure
with 0.5 sec fundamental period.

pressure generation characteristics and residual
strength. Measurement of insitu densities is extremely
difficult, and so proxies such as SPT and CPT resis-
tance are usually used for that purpose. CPT data offers
the important benefit of improved spatial resolution,
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Figure 3. Tornado diagram illustrating relative influence of
different parameters on median drift of nonlinear structure
with 1.5 sec fundamental period.

so the potential for missing thin seams of liquefi-
able soil is reduced. Because the development of flow
slides can be strongly affected by the presence of zones
of low permeability material, particular emphasis on
detecting such zones, even when very thin, should be
made. When soft silty materials exist by themselves or
within loose sands, laboratory testing may be required
to characterize their potential for cyclic softening and
strength loss.

1.2 What is the role of the soil parameter
uncertainties on the solution of geotechnical
PBD?

Uncertainty in soil parameters will lead to uncer-
tainty in performance estimates, whether performance
is characterized at the response, damage, or loss
level. It should be recognized, however, that there
are four primary sources of uncertainty in a com-
plete, risk-consistent PBD procedure—uncertainty in
ground motion, in response given ground motion,
in damage given response, and in loss given dam-
age. The uncertainty in soil parameters will certainly
affect uncertainty in response estimates (given ground
motion) and likely have some effect on damage (given
response).

Although the uncertainties that geotechnical engi-
neers deal with routinely are greater than those typ-
ically encountered by structural engineers, a number
of studies have shown that uncertainties in ground
motions have a significantly greater effect on esti-
mated losses than all of the other primary sources

of uncertainty. These studies, however, have typically
assumed that the soil deposits are ‘‘well-behaved,’’ i.e.,
that the mean (or median) values of geotechnical
parameters are well-established, and have focused on
the effects of variability about those means (or medi-
ans). Put differently, they assume that no significant
characteristic of the soil profile has been ‘‘missed’’
in the subsurface investigation. They also assume
that uncertainties of the significant parameters are
well-understood.

Geologists and geotechnical engineers recognize
very well that small details, e.g. a pre-existing failure
surface, a thin seam of loose sand or silt, or a thin clay
layer acting as a flow barrier can lead to radically dif-
ferent behavior under cyclic loading conditions. Also,
the uncertainty in a number of important aspects of
soil behavior—liquefaction, for example—is not well
understood at present.

An example of the effects of uncertainty on seis-
mic performance can be seen in the results of a recent
study. Kramer et al.(2008) performed a detailed anal-
ysis of a pile-supported highway bridge crossing an
area underlain by liquefiable soils. The bridge was
designed for consistency with California Department
of Transportation (Caltrans) standards and modeled
using the OpenSees computer program. A schematic
illustration of the bridge is shown in Figure 4. The liq-
uefiable soils can be seen to be thicker below the right
side of the bridge than the left side, and to be underlain
by a layer of clay on the left side.

The site is clearly susceptible to liquefaction haz-
ards, principally in the form of lateral spreading and
settlement of the loose, saturated sands beneath the
abutments. The OpenSees analyses were able to model
the liquefiable soil and its interaction with the piles
and bridge structure (Figure 5). The lateral spreading
caused the soils beneath the abutments to move toward
the center of the bridge, thereby imposing significant
bending demands on the foundations and the bridge
piers nearest the two abutments; the movement of the
abutments caused the entire bridge deck to displace
some 20 cm to the left.

Working within the PEER framework for perfor-
mance evaluation, a series of engineering demand
parameters (measures of system response) were related
to a series of damage measures (measures of physical
damage resulting from excessive levels of response).
The damage measures were then related, based on
standard construction estimating procedures and dis-
cussions with Caltrans personnel, to repair costs. This
allowed estimation of the costs associated with differ-
ent levels of ground shaking (Figure 6) that included
the effects of uncertainty in response, damage, and
loss. This relationship could then be combined with
a seismic hazard curve to produce a repair cost curve
(Figure 5). The curves shown in Figures 6 and 7 are
marked with factors that illustrate the effects of reduc-
ing uncertainty in loss given ground motions; such
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Figure 4. Bridge configuration (dimensions in meters).

Figure 5. Horizontal and vertical displacements of bridge and pore pressure ratio in soil following earthquake—Erzincan
motion. Displacements magnified by factor of 20.

Figure 6. DV |IM relationship for liquefaction case with
different fractions of actual uncertainty.

reductions could include reductions in uncertainty of
soil properties, response modeling, damage model-
ing, and loss modeling. The effects of such reductions
in uncertainty can be seen in Figure 7, however, to
be strongly dependent upon return period. At return
periods less than about 200 years, reductions in uncer-
tainty have virtually no effect on repair costs; under
these conditions, liquefaction is not triggered and the
uncertainty in repair cost is dominated by uncertainties
in ground motions. At longer return periods, how-
ever, reductions in uncertainty can be seen to lead to

Figure 7. Effects of different levels of uncertainty in DV |IM
on loss hazard for liquefaction case.

reductions in estimated repair cost for a given return
period.

Analyses such as these offer the potential for esti-
mating the effects of uncertainties in soil properties on
the overall performance, as expressed in terms of esti-
mated repair costs, of a structure. They can be used to
estimate the value, in terms of reduced repair costs, of
the more extensive subsurface investigations that may
be required to reduce uncertainty in soil properties.
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SUMMARY

The organizers of the panel discussion have raised a
number of interesting issues and questions for practi-
tioners adopting PBD concepts. A thorough, detailed,
and extensive soil investigation will lead to more reli-
able and economic designs by reducing the poten-
tial for encountering unanticipated modes of response
and/or permanent deformation, and by reducing the
uncertainty in soil parameters that lead to increased
response, damage, and loss hazards. PBD frameworks
can be used to identify parameters for which addi-
tional investigation may lead to reduced losses, and to
quantify the benefits of such additional investigation.
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Relevant soil investigations and laboratory tests to estimate
liquefaction-induced deformation of structures

S. Yasuda
Tokyo Denki University, Saitama, Japan

ABSTRACT: In the performance-based design, it is necessary to define ultimate limit, repairable limit and
serviceable limit. In the liquefaction problem, these limits must be expressed by deformation of structures, such
as settlement of buildings, uplift of underground structures and horizontal displacement of quay walls. Three
grades of estimation methods for liquefaction-induced deformation; empirical methods, static (residual) analyses
and dynamic (seismic response) analyses, have been developed. In the static and dynamic analyses, stress-strain
relationship, permeability and coefficient of volume compressibility of liquefied soil must be determined by soil
investigations and laboratory tests. Then relevant soil investigations and tests to evaluate liquefaction-induced
deformation are discussed.

1 INTRODUCTION

Very strong shaking caused severe damage to structures
during the 1995 Kobe earthquake. Many buildings,
bridges, and houses collapsed. The Japan Society of
Civil Engineering organized a technical committee to
investigate new design concepts that could withstand
very strong shaking after the earthquake. This com-
mittee suggested basing earthquake-resistant design
on two types of ground motion: Level 1 earthquake
motion, which is likely to strike a structure once or
twice while it is in service, and Level 2 earthquake
motion, which is very unlikely to strike a structure
during the structure life time, but when it does, it is
extremely strong.

In the current design for liquefaction, assessment
of liquefaction potential is done first. Then the accept-
ability of the likely degree of damage is roughly
judged and, if necessary, appropriate countermea-
sures are selected. However, in general, the degree
of damage expected from liquefaction is not evalu-
ated because it is difficult to evaluate. In the design
under Level 1 earthquake motion, it is not always nec-
essary to judge the degree of damage because it is
easy to improve the ground not to liquefy under this
level of shaking. On the contrary, liquefaction cannot
be prevented by current countermeasures under the
Level 2 earthquake motion, because the critical soil
density at which liquefaction occurs, increases with
the increase of earthquake motion. Therefore, it is nec-
essary to introduce a new design concept based not on
the occurrence of liquefaction but on the likely degree
of damage to structures. This new design concept, so
called performance-based design, is rational and will
be used for not only for Level 2 earthquake motion but
also normal ground shaking.

In the performance-based design for liquefaction-
induced deformation, two items must be decided:
allowable deformation or displacement of structures,
and relevant method to estimate the deformation.

2 ALLOWABLE DEFORMATION OR
DISPLACEMENT OF STRUCTURES

Allowable values of liquefaction-induced deformation
or displacement of structures must be determined by
considering the several conditions: i) serviceability of
the structure after earthquakes, ii) importance of the
structure, iii) consequential damage to other facilities
and iv) difficulty of restoration.

In river dikes, critical condition of the dikes is not
to cause overflow after earthquakes as schematically
shown in Figure 1(a). In road embankments, emer-
gency vehicles must run just after earthquakes. For
example differential settlement between embankments
and bridges must be within the allowable value for the
vehicles, as shown in Figure 1(b).

In spread foundations, liquefaction causes not only
uniform settlement but also differential settlement of
structures. Therefore, two items: average settlement
and tilting angle of the structures, must be considered.
The author and his colleagues studied the allowable

River
Girder

Abut-
ment

(a) River dike (b) Road embankm

Figure 1. Critical conditions for river and road
embankments.
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Structure Deformation or
displacement

Upper limit of allowable value
0                 1                 2    (m)

River dike Settlement

Road or railway 
embankment

Settlement

House or 
building

Settlement

Sewage 
manhole

Uplift

Quay wall Horizontal
movement

Figure 2. Rough upper limit of allowable deformation.

Table 1. Comparison of three grades of estimation methods
of liquefaction-induced deformation.

Methods Accuracy Cost

Empirical methods Moderate Low

Analytical Static Fairly good Comparatively
methods low

Dynamic Good High

angle of inclination for timber houses during the 2000
Tottoriken-seibu earthquake in Japan and found that
the allowable angle for inhabitants was less than about
1/100.

Underground structures such as sewage manholes
and pipes are uplifted due to liquefaction. The uplift of
manholes prevents not only the flow of sewage water
but also road traffic. Especially high uplift of man-
holes from the surface of roads blocks the traffic of
emergency vehicles just after an earthquake. In actual,
a car collided with a floated manhole and crushed
in Nagaoka City during the 2004 Niigataken-chuetsu
earthquake as shown in Figure 2. The author and his
colleagues researched the allowable uplift for the pas-
sage of fire engine trucks by hearings from about 900
fire stations and showed that the allowable floatation
is about 13 cm and 23 cm for narrow and wide roads,
respectively

Quay walls tilt and move toward sea due to lique-
faction. Large movement or inclination of quay walls
prevents to bring ships and unload goods.

Allowable values must be determined by consider-
ing several conditions mentioned before. However,
roughly speaking, upper limit of the liquefaction-
induced allowable deformation or displacement for
each structure may be the values shown in Table 1.

3 ESTIMATION METHODS FOR
LIQUEFACTION-INDUCED DEFORMATION

Estimation methods for liquefaction-induced defor-
mation of structures and ground are classified into
three grades: empirical methods, static (residual

deformation) analyses and dynamic (seismic response)
analyses. Accuracy and cost are different among these
grades as shown in Table 1. In the selection of esti-
mate method, it is necessary to consider the accuracy,
the cost and the upper limit of the allowable deforma-
tion or displacement shown in Figure 2.

1. Empirical methods
Empirical correlations between severity of

liquefaction and deformation of structures can be
used to estimate deformation of structures. One
example is shown in Figure 4 which is the rela-
tionship between the settlement of river dikes near
Nagoya City during the 1944 Tohnankai earthquake
and liquefaction potential, PL at the settled dikes.
Settlement of some river dikes can be estimated
roughly by using this relationship. However, esti-
mated deformation is not accurate. For example,
if PL = 10, settlement of a river dike is estimated
with the range of 0.5 m to 2 m.

2. Static analyses
Several static (residual deformation) analytical

methods have been developed. For example, in an
analytical program ‘‘ALID (Yasuda et al., 2003)’’ it
is assumed that residual deformation occurs due
to the reduction of shear modulus of liquefied
soils. In the first step of the analysis, stress in the
ground before earthquake is calculated by static
FEM based on the stress-strain relationships of
not-liquefied soils. The deformation of the ground
due to liquefaction is calculated in the second step
by static FEM again, based on the stress-strain
relationship of liquefied soils.

3. Dynamic analyses
Many dynamic (seismic response) analytical

methods have been developed recently. In Japan,
joint analyses of a building that settled during the
Niigata earthquake were carried out by eight pro-
gram codes in 1992. Estimated settlements were
smaller than the actual settlement, because all the
codes could not apply to large strain. Subsequently,
those computer codes were modified to consider
large strain. Joint analyses for the settlement of
raft foundation were carried out again in 2003 in
Japan (Harada et al., 2004). A hypothetical model
of ground beneath a storage tank was used for the
analyses. The storage tank is 10 m in diameter
and 12 m in height. Six dynamic analysis meth-
ods; STADAS2, LIQCA, DIANA, STADAS, FLIP
and NUW2, and one static analysis method, ALID
were applied. Soil condition of the model ground
was similar as the ground in Port Island where liq-
uefaction occurred during the Kobe earthquake.
Figure 4 shows relationships between vertical dis-
placement of the tank and maximum acceleration
of input wave. As shown in this figure, large settle-
ments of the order of several ten centimeters could
be evaluated by these codes. However, the results
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Figure 3. A car that collided with an uplifted manhole
in Nagaoka City (Tech. Com. on the Sewer Earthquake
Countermeasures, 2005).

4.0

5.0

3.0

2.0

1.0

0
403020100

Liquefaction potential, P
L

Se
ttl

em
en

t o
f 

ri
ve

r 
di

ke
s(

m
)

Figure 4. Relationship between PL and settlement of river
dikes.

Figure 5. Relationship between acceleration and settlement
of the model tank analyzed by 7 analytical methods.

analyzed by the different analytical methods vary
significantly, even though the same liquefaction
strength is expected. The main reason for this vari-
ation is, even though liquefaction strength curves
for a particular strain level are fitted, analyses do
not always give acceptable results under wide range
of strain.

4 RELEVANT SOIL INVESTIGATIONS
AND TESTS FOR THE ANALYSIS OF
LIQUEFACTION-INDUCD DEFORNMATION

In the static and dynamic analyses, stress-strain rela-
tionship, permeability and coefficient of volume

compressibility of liquefied soil must be determined
by soil investigations and laboratory tests. Relevant
soil investigations and tests must be different in each
method. Then, the Japan Geotechnical Consultants
Association surveyed the relevant soil investigations
and tests by hearing from researchers who have devel-
oped analytical methods in this year. Table 2 shows the
surveyed analytical programs. Eleven dynamic meth-
ods and one static method, which are widely used in
Japan, were selected. Following three questions were
asked:

1. minimum required soil investigations and tests,
2. frequently performed soil investigations and tests,

and
3. desired soil investigations and tests.

Figure 6 to 8 show histograms of the relevant soil
investigations and tests. Followings are noted:

a. Many researches answered that the minimum
required soil investigations and tests are SPT and
grain size analysis as shown in Figure 6. A few
researchers listed PS logging and undrained cyclic
triaxial or torsional tests for liquefaction.

b. SPT, grain size analysis, PS logging, undrained
cyclic triaxial or torsional tests for liquefaction or
shear modulus and triaxial compression test are
frequently performed as shown in Figure 7.

c. Special tests such as undrained monotonic shear
test after cyclic shear test, drain test after cyclic
shear test, permeability test in horizontal and verti-
cal dirctions, drain tests after undrained cyclic shear
test are added as the desired soil investigations and
tests as shown in Figure 8.

In addition several investigations and tests to develop
from now were proposed from the researchers:

i. reliable and economic undisturbed sampling tech-
nique such as GS sampling, instead of freezing
sampling,

ii. special tests to measure the behavior of liquefied
soil under large strain level,

iii. in-situ tests to induce liquefaction, and
iii. special tests to measure viscous damping.

Table 2. Surveyed analytical programs.

Classification Name of program

Dynamic • DIANA • DIANA-J2 & TDAP III
analyses • DYNAFLOW • EFFECT • FLIP

• HiPER • LIQCA • Mu-DIAN
• NUW2 • STADAS • STADAS II

Static analysis • ALID
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Figure 6. Histogram of minimum required soil investigations and tests.
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Figure 7. Histogram of frequently performed soil investigations and tests.
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5 CONCLUDING REMARKS

Relevant soil investigations and tests to evaluate
liquefaction-induced deformation are discussed. More
studies on in-situ special tests, undisturbed sampling
techniques and laboratory special tests are needed
to obtain stress-strain relationship, permeability and
coefficient of volume compressibility of liquefied soil.
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Discussion session on performance criteria for designing geotechnical
structures

S. Iai
Disaster Prevention Research Institute, Kyoto University, Kyoto, Japan

1 PRINCIPLES IN PERFORMANCE-BASED
DESIGN

Following ISO23469 Seismic actions for designing
geotechnical works, principles in performance-based
design may be summarized as follows:

1.1 Purposes and functions

In designing geotechnical works, the purposes and
functions are defined in accordance with broad cat-
egories of use such as commercial, public and emer-
gency use.

1.2 Performance objectives for seismic design

Performance objectives for seismic design of geotech-
nical works are generally specified on the following
basis, depending on the expected functions during and
after an earthquake:

– serviceability during and after an earthquake: minor
impact to social and industrial activities, the geotech-
nical works may experience acceptable residual
displacement, with function unimpaired and opera-
tions maintained or economically recoverable after
temporary disruption;

– safety during and after an earthquake: human casu-
alties and damage to property shall be minimized,
geotechnical works that are an essential part of
a facility handling hazardous materials or a post-
earthquake emergency facility shall maintain full
operational capacity, and geotechnical works shall
not collapse.

The performance objectives also reflect the possible
consequences of failure.

1.3 Reference earthquake motions

For each performance objective described in (2), ref-
erence earthquake motions are specified for evaluat-
ing seismic performance of the geotechnical works as
follows:

– for serviceability during or after an earthquake:
earthquake ground motions that have a reasonable

probability of occurrence during the design working
life;

– for safety during or after an earthquake: earthquake
ground motions associated with rare events that may
involve very strong ground shaking at the site.

1.4 Performance criteria and limit states

Performance criteria are generally specified by engi-
neering parameters that characterize the response
of geotechnical works to the reference earthquake
motions. These engineering parameters are specified
considering the design working life.

The engineering parameters depend on the process
for verifying that the performance criteria have been
met. The importance of the facility differentiates the
level of performance objectives. These issues are taken
into account in the formulation of the performance
criteria.

The seismic performance of geotechnical works can
be described with reference to a specified set of limit
states. These limit states are

– serviceability limit state during or after an earth-
quake: a limit state for satisfying serviceability
during and after an earthquake, and defined by an
acceptable state of displacement, deformation, or
stress, and

– ultimate limit state during or after an earthquake:
a limit state for satisfying safety requirements dur-
ing and after an earthquake, and defined by a state
with appropriate margin against collapse.

More than one serviceability limit state may be
introduced. For example, if one serviceability limit
state is defined as the state with no residual dis-
placements, another serviceability limit state may be
defined as the state with an acceptable residual dis-
placement and operation of the facility recoverable
after minimum disruption with reasonable cost for
repair.

In conventional seismic design of geotechnical
works based on the equivalent static method, a seismic
coefficient has been used to achieve both serviceabil-
ity and safety during and after an earthquake. However,
as a result of case histories of seismic damage during
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the 1990s, limitations of conventional seismic design
have been recognized widely. The performance-based
approach can be an alternative approach to overcome
these limitations.

2 PERFORMANCE CRITERIA
AND THE ISSUES FOR DISCUSSION

The principles in performance-based design reviewed
in the previous chapter clearly indicates that the per-
formance criteria are defined within a hierarchical
structure that consists of four elements; (1) purposes
and functions, (2) performance objectives for seismic
design, reflecting the possible consequences of failure,
(3) reference earthquake motions, and (4) performance
criteria and limit states, that are specified considering
the design working life and the method for evaluation
of performance. Because the performance objectives
for seismic design reflect the possible consequences of
failure, the importance of the facility differentiates the
level of performance objectives.

In conventional seismic design of geotechnical
works based on the equivalent static method, the con-
sequences of failure are taken into account in terms of
a factor specified in accordance with broad categories
of importance. In the performance-based design, the
consequences of failure may be evaluated through a
more sophisticated methodology. For example, accept-
able levels of damage shown in Table 1 are specified
by a combination of structural and operational dam-
age. In this example, the consequences of failure are
categorized into structural and operational aspects.
Consequence of failure due to structural damage may
be relatively easily evaluated based on the cost and
time needed for repair of damaged structures. How-
ever, consequence of failure due to operational damage
needs much more elaborate analysis, including sys-
temic and financial analysis by viewing a geotechnical
structure as a component of a larger infrastructure
system. More studies are required on this issue at the
current state of development in the performance-based
design. New proposals or examples on this issue are
invited for the discussion session.

Another issue that may be more easily accessible
from the expertise of geotechnical engineering is in
the next level of hierarchy for specifying the perfor-
mance criteria. This issue includes (1) determination
of the most appropriate engineering parameters that
characterize the response of geotechnical works, con-
sidering the availability and reliability of the method-
ology used for performance evaluation. It is obvious
that choice of engineering parameters depends on the
specific type of geotechnical structures. The choice
of the methodology might be dependent on the impor-
tance of geotechnical structures. New proposals and
examples on this aspect of issue are also invited for
the discussion session.

Table 1. Acceptable level of damage in performance-based
design*.

Acceptable
level of damage Structural Operational

Degree I : Minor or no Little or no loss
Serviceable damage of serviceability

Degree II: Controlled Short-term loss
Repairable damage** of serviceability***

Degree III: Extensive damage Long-term or complete
Near collapse in near collapse loss of serviceability

Degree IV: Complete loss Complete loss
Collapse**** of structure of serviceability

∗ Considerations: Protection of human life and property, func-
tions as an emergency base for transportation, and protection
from spilling hazardous materials, if applicable, should be
considered in defining the damage criteria in addition to those
shown in this table.
∗∗ With limited inelastic response and/or residual defor-
mation.
∗∗∗ Structure out of service for short to moderate time for
repairs
∗∗∗∗ Without significant effects on surroundings.

3 EVALUATION OF UNCERTAINTY IN THE
PERFORMANCE-BASED DESIGN

While safety should be one of primary performance
objectives for ordinary buildings, serviceability and
economy become higher priority issues for ordinary
geotechnical structures. For these structures, a method-
ology based on the principle of minimum life-cycle
cost may be ideal (e.g. Sawada, 2003). This method-
ology is emerging and will be eventually adopted as
the state-of-practice in the coming decade.

Life-cycle cost is a summation of initial construc-
tion cost and expected loss due to earthquake induced
damage. Probability of occurrence of earthquake
ground motion (i.e. earthquake ground motions with
all (or varying) return periods) is considered for eval-
uating the expected loss due to earthquake induced
damage. The life-cycle cost also includes intended
maintenance cost and cost for demolishing or decom-
missioning when the working life of the structure ends.

When evaluating serviceability through life-cycle
cost, failure of a geotechnical structure is defined
by the state that does not satisfy the prescribed limit
states typically defined by an acceptable displacement,
deformation, or stress. If a peak ground motion input to
the bottom boundary of soil structure systems is used
as a primary index of earthquake ground motions,
probability of failure FF(a) at peak ground motion
a is computed considering uncertainty in geotechni-
cal and structural conditions. A curve described by a
function FF(a) is called a fragility curve. Probability of
occurrence of earthquake ground motions is typically
defined by a slope (or differentiation) of a function

266

©2009 Taylor & Francis Group, London, UK

  



FH(a) that gives annual probability of exceedance of
a peak ground acceleration a. A curve described by a
function FH(a) is called a seismic hazard curve.

Given the fragility and seismic hazard curves for a
port structure, annual probability of failure of the port
structure P1 is computed as follows:

P1 =
∫ ∞

0

(
−dFH (a)

da

)
FF(a)da (1)

If a design working life is T years, probability of
failure of the port structure over the design working
life is given by

PT = 1 − (1 − P1)
T (2)

If loss due to earthquake induced damage associated
with the prescribed limit state is designated by cD,
expected loss over the design working life of a port
structures CD is given by

CD = PT cD (3)

Thus, the life-cycle cost CLC is given by adding
initial construction cost CI, maintenance cost CM and
demolishing cost CEND as

CLC = CI + CD + CM + CEND (4)

This is generalized further by introducing more than
one serviceability limit state.

As demonstrated for liquefaction hazard evaluation
by Kramer et al. (2006), the probability evaluated by
Eqs.(1) and (2) is a consistent index of hazard and the
conventional approach based on the return period pre-
scribed in design provisions and codes can be either
too conservative or unconservative depending on the
site. Expected loss evaluated by Eq.(3) is an index that
reflects the consequence of failure. Life-cycle cost
evaluated by Eq.(4) is an index that properly reflects
the trade-off between initial cost and expected loss.
The design option that gives the minimum life-cycle
cost is the optimum in terms of overall economy. Thus,
the optimum design has a certain probability of failure
given by Eq.(2). This probability is not prescribed by
an authority (such as 10% over 50 years) but rather
determined as a result of the minimum life-cycle cost
procedure. The probability of failure can be large if
a consequence of failure in meeting the performance

criteria, as measured by seismic loss cD, is minor. The
probability can be small, however, if a consequence of
failure, as measured by cD, is significant. Thus, the
minimum life-cycle cost procedure reflects the possi-
ble consequences of failure and, thereby, satisfies the
principles in performance objectives in the ISO guide-
lines described in the previous section. New proposals
and examples on this aspect of issue are also invited
for the discussion session.

4 SUMMARY AND CONCLUSIONS

The issues to be discussed during the discussion ses-
sion may be summarized as follows:

1. How to evaluate the consequence of failure for
defining the performance objectives during and
after earthquakes?

2. How to determine the most appropriate engineer-
ing parameters that characterize the response of
geotechnical works for specifying performance
criteria?

3. How to deal with the uncertainty in seismic design
of geotechnical structures?

Answers to these questions will be most benefi-
cial for establishing the performance-based design of
geotechnical structures.
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Risk measures in design of geotechnical structures

G.J. Rix
Georgia Institute of Technology, Atlanta, Georgia, USA

ABSTRACT: Two potential improvements to the use of life-cycle cost in performance-based design of
geotechnical structures are presented. The first recognizes that earthquake-induced losses may occur at any
time during the design life of the structure, and thus the time value of money should be taken into account by
using the present value of the life-cycle cost. The second proposed improvement is an alternative definition of
risk based on the dispersion (e.g., variance or standard deviation) of the life-cycle cost rather than the mean
value. This approach results in an ‘‘efficient frontier’’ of design options that users may choose from depending
on their definition of risk and tolerance for risk.

1 INTRODUCTION

One of the issues to be discussed in the session on
Performance Criteria for Designing Geotechnical Struc-
tures is how to deal with uncertainty in seismic design
of geotechnical structures. Iai (2009) has summarized
an approach based on the life-cycle cost of structures
subjected to earthquake loads (Sawada 2003). The life-
cycle cost is the sum of the initial construction cost,
maintenance cost, demolition or decommissioning
cost, and the cost (i.e., loss) due to earthquake-induced
damage. The design alternative that minimizes the
expected value of the life-cycle cost is preferred.

In this brief paper, two proposed enhancements to
the life-cycle cost procedure are presented.

2 LIFE-CYCLE COST METHOD

For the sake of completeness, the life-cycle cost
method described by Iai (2009) is summarized herein.
The annual probability of failure for a structure is:

pf =
∫
y

pf (y)

(−dλ (y)

dy

)
dy (1)

where pf (y) is the annual probability of failure condi-
tional on the ground motion parameter y and λ(y) is
the seismic hazard curve (i.e., the mean annual rate of
exceedance of y).

Each year in the design life of the structure is a
Bernoulli trial with probability of failure pf . Thus,
the probability mass function (PMF) of the number
of failures n during the design life of the structure
(T years) is given by a binomial distribution:

p
(

n| T , pf
) = T !

n! (T − n)!pn
f

(
1 − pf

)T−n
(2)

The expected value of the total direct and indirect
losses associated with failure may be expressed as:

E [CD] = E [ncD] = cDE [n] = cDpf T (3)

where E[n] denotes the expected value and cD is
the deterministic loss associated with an individual
failure.

As noted earlier, the life-cycle cost is the sum of
the initial construction cost (CI ), maintenance cost
(CM ), demolition and decommissioning cost (Cend),
and earthquake-induced losses (CD):

CLC = CI + CM + Cend + CD (4)

The expected value of the life-cycle cost is simply
the sum of the expected values of each term:

E [CLC ] = E [CI ] + E [CM ] + E [Cend] + E [CD] (5)

The objective is to minimize the expected value
of the life-cycle costs (i.e., least mean cost). Further
information is available in Werner (1998) and Wen and
Kang (2001a; Wen and Kang 2001b).

3 TIME VALUE OF MONEY

One potential improvement to this approach is to rec-
ognize that three of the four costs in Equation 4 occur at
different times throughout the design life of the struc-
ture. In order to objectively compare costs that occur
over time, it is necessary to calculate the compare the
present value of these costs. Given a cost incurred in
t years in the future, the present value of the cost is:

CPV = Ct (1 + r)−t (6)

where r is the discount rate. Thus, the present value of
the demolition and decommissioning costs at the end
of the design life is:

E
[
Cend,PV

] = E [Cend] (1 + r)−T (7)
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If we assume that the maintenance costs are equal
from year to year, the present value of the series of
costs is:

E[CM ,PV ] = E [CM ]
1 − (1 + r)−T

r
(8)

Finally, it may be shown that the present value of
a series of random values such as the earthquake-
induces losses in each year is:

E[CD,PV ] = E [CD]
1 − (1 + r)−T

r
(9)

The initial construction costs, of course, do not need
to be discounted. Thus, the expected value of the life
cycle cost accounting for the time value of money
may be obtained by substituting Equations 7–9 into
Equation 5.

4 DISPERSION OF LIFE-CYCLE COST

A traditional definition of risk in engineering prob-
lems is the product of probability and consequence
(Baecher and Christian 2003). Using this definition,
the expected value (Eq. 3) is a measure of the risk
associated with earthquake-induced losses during the
design life of the structure. Likewise, Equation 5 is
a measure of the risk associated the life-cycle cost.
As such, minimizing the life-cycle cost may also be
viewed as minimizing the risk.

An alternative definition of risk is the dispersion
(i.e., aleatoric uncertainty) about the expected value
(Levy 2006). Typically, the variance or standard devi-
ation is used as measures of risk in this context. Large
values of the variance or standard deviation of the life-
cycle cost are likely to be considered ‘‘risky’’ by some
stakeholders. The use of dispersion as a measure of risk
has its basis in the pioneering methods of financial
investment analysis developed by Markowitz (1952)
and Sharpe (1964).

For simplicity, let us assume that the variance of
the losses due to earthquake-induced damage is large
compared to the other costs in Equation 4. Hence, we
may write:

Var [CLC ] ≈ Var [CD] (10)

The variance of the earthquake-induced costs is
equal to the variance of the binomial distribution:

Var [CD] = Var [ncD]

= c2
DVar [n] (11)

= c2
D T pf

(
1 − pf

)

Like expected costs, the variance should also be
discounted for costs that occur in the future. It may
be shown that the present value of the variance of the
earthquake-induced losses is:

Var[CD,PV ] = c2
D T pf (1 − pf )

1 − (1 + r)−2T

r (2 + r)
(12)

Additional discussion on the use of dispersion as
a measure of risk in civil infrastructure and natural
hazards applications is contained in Taylor and Werner
(1995), Werner (1998), and Alesch et al. (2002).

5 ILLUSTRATIVE EXAMPLE

To illustrate these ideas, a simple example involv-
ing earthquake-induced permanent displacements of
an infinite slope is presented. The seismic hazard
curve for peak ground acceleration (pga) is given
by the following expression (Cornell et al. 2002;
McGuire 2004):

λ (pga) = 5 × 10−5 pga−3 (13)

The probability of failure conditional on the peak
ground acceleration is defined using an expression
derived by Bray and Travasarou (2007) for the prob-
ability that the seismically-induced displacement will
exceed 1 cm, which is considered by Bray and
Travasarou to be the minimum displacement of engi-
neering significance:

P (D > 1 cm) = �[−1.76 − 3.22 ln
(
ky

)
(14)

+ 3.52 ln (pga)]
where ky is the yield coefficient and � is the standard
normal cumulative distribution function. This expres-
sion is based on Equation 3 in Bray and Travasarou for
Ts = 0 (i.e., an infinite slope). Note that ‘‘failure’’ could
be defined in terms of larger displacements without
loss of generality. In this example, the yield coef-
ficient is considered to be a design parameter that
could be varied by changing the slope angle among
other parameters affecting ky. Once the integration
in Equation 1 is performed, the annual probability of
failure can be expressed as a function of the yield
coefficient as shown in Figure 1.

To calculate the life-cycle cost, several simplifying
assumptions are made. The initial construction cost is
given by:

E [CI ] = 1.0 + 0.5ky (15)

where the second term reflects the additional cost
associated with constructing a slope with a higher
yield coefficient. The expected value of the loss due
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Figure 1. Annual probability of failure.

Figure 2. Expected value of initial construction cost,
earthquake-induced damage, and total cost as a function of
yield coefficient.

to earthquake-induced damage is equal to 50% of the
initial construction cost:

cD = 0.5CI (16)

The design life of the slope (T ) is 50 years and
an annual discount rate of 5% is used for the time
value of money. Finally, maintenance and demolition
costs are neglected because they are assumed to be
independent of the yield coefficient selected for design
and thus do not affect the outcome of the risk analysis.

With these assumptions, the expected values of the
initial construction cost and the earthquake-induced
losses may be calculated using Equations 3, 5, and 9.
The results are shown in Figure 2. As anticipated,
increasing the design yield coefficient increases the
initial construction costs, but it significantly decreases
the expected value of the earthquake-induced loss. The
expected value of the life-cycle (i.e., total) cost reaches
a minimum at ky = 0.42. The corresponding mean total
cost is 1.29.

The variance (or standard deviation) of the life-
cycle cost may be calculated via Equation 12. A plot of

Figure 3. Standard deviation of total cost as a function of
yield coefficient.

Figure 4. Standard deviation vs. mean value of total cost.

the standard deviation is shown in Figure 3. Note that
the standard deviation of the life-cycle cost decreases
significantly with increasing ky.

Additional insight can be gained by plotting the
standard deviation of the life-cycle cost as a function
of the mean value as shown in Figure 4. The dashed
portion of the curve corresponds to values of ky that
are less than the value at which the mean life-cycle
cost is a minimum (i.e., ky = 0.42). For this range
of values, both the mean and standard deviation of
the life-cycle cost are high. The solid portion of the
curve defines the ‘‘efficient frontier’’ where a trade-
off exists between the mean and standard deviation
of life-cycle cost. Some decision-makers may choose
to minimize the mean cost. However, others may be
willing to accept higher mean costs in exchange for
reducing (or minimizing) the standard deviation of the
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life-cycle cost. There is no single best option, and the
decision will depend on the user’s definition of risk
and their risk tolerance.

6 CONCLUSIONS

The use of life-cycle costs helps to achieve the objec-
tives of performance-based design by properly rep-
resenting the possible consequences of failure. Two
improvements have been presented: (1) accounting for
the time-value of money over the design life of the
structure and (2) defining risk as the dispersion of the
life-cycle cost rather than the mean value. The latter
results in an ‘‘efficient frontier’’ of design alternatives
that users may choose from based on their definition
of risk and risk tolerance.
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Determining criteria for seismic performance of earth structures

I. Towhata
University of Tokyo, Tokyo, Japan

ABSTRACT: This paper concerns a methodology for determination of seismic performance criteria which
are relevant for future earthquake resistant design of geotechnical structures. Although many people are talking
recently about the need for seismic performance-based design, one of its major difficulties lies in the decision of
performance criteria. Considering the lack of rational approach to this problem, the author classifies geotechnical
structures into three categories, for which different ideas of criteria are proposed. The basic idea therein is that
negative effects to the public should be made as small as possible, irrespective of the category of structures. Two
major issues are the allowable restoration time and minimization of the life cycle cost.

1 CURRENT SITUATION

The classical philosophy of earthquake resistant
design, which is based on the static seismic coefficient
and the factor of safety, had been successful since
its introduction to practice in 1920s. This situation,
however, started to change because of the increas-
ing demand for safety and the increasing intensity of
design earthquakes. The latter was particularly signifi-
cant because the limited shear strength of geotechnical
materials could not sustain the increased magnitude of
design earthquake forces, resulting in seismic factor
of safety less than unity.

The performance-based design principle (PBD) is
a newly proposed alternative. PBD allows the seis-
mic factor of safety less than unity. There are two
goals to be achieved in PBD. The one is the develop-
ment of practically useful tool for prediction of seismic
performance, and the other is the decision of a criti-
cal seismic performance; if the predicted performance
exceeds this critical one, the proposed design is not
accepted. While neither goal is easily achieved, the
present paper addresses mainly the latter issue.

2 BASIC REQUIREMENTS

It is essential that any design principle fully considers
the people’s recent demand for safety. While safety
used to mean that of life and probably that of prop-
erties, the recent situation adds to them the reduction
of economic loss, quick recovery from seismic dam-
age, and securing continuity of business. The recent
trend is particularly important because the quality of
post-earthquake life is, in the recent advanced society,
substantially affected by those new safety issues.

As far as geotechnical structures are concerned,
the extent of earthquake-induced damage and the
seismic performance are expressed by the residual
deformation. The greater deformation reduces the
function/operation of the structure more significantly,
makes longer the duration time for restoration, and
increases the economic loss. It is fortunate that seis-
mic damage of embankments and other geotechnical
structures has killed few people. Most earthquake vic-
tims have been killed by collapse of weak buildings,
failure of natural slopes, and tsunamis. Hence, PBD
needs to assess the residual deformation as precisely as
possible within practically affordable costs and, more-
over, to determine the extent of allowable residual
deformation.

A precise assessment of residual deformation is
not an easy task. Besides the complexity of advanced
numerical tools, behavior of soils under cyclic
undrained loading in two- or three-dimensional man-
ner is often more complicated than existing con-
stitutive models concern. Another difficulty is the
reliability of in-situ soil investigations. Problems in
undisturbed soil sampling and nonuniformity of natu-
ral soil deposits are not yet solved.

The present paper considers that the above-
mentioned difficulties in performance assessment will
not be fully solved in near future. Hence, the results
of analysis should be regarded as an index calculation,
which becomes greater when the real seismic defor-
mation is more significant. This attitude is reasonable
because the performance cannot be predicted pre-
cisely unless the true acceleration input is accurately
predicted, which is impossible.

The critical deformation during earthquake is dif-
ficult to decide. It is proposed herein to decide as an
alternative the critical restoration time. If the defor-
mation is too big to be restored within this critical
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time, the design should be revised. In other words,
PBD should aim to minimize the negative effects to
the public, which are both direct and economic ones.

In the following sections, geotechnical structures
will be classified into three groups, which are namely
ordinary structures, important ones, and extremely
important ones.

3 PERFORMANCE CRITERIA

3.1 Ordinary structures

Low embankments of local roads, quays of small har-
bors, and most river levees belong to this group. Since
construction budget are limited, advanced soil investi-
gation and numerical analyses are not feasible. Hence,
preparedness for damage and quick restoration has
been sought for. Most river levees have not been
designed against earthquakes because flooding and
earthquake would not come together.

In case PBD is introduced, the residual defor-
mation has to be assessed. This task can be simply
performed by referring to a table prepared by run-
ning Newmark sliding block analogy on many typical
cross sections. Input soil parameters are determined
on the basis of simple soil parameters such as degree
of compaction. Different deformation is obtained for
different static factor of safety and different magni-
tude of design earthquake motions. Then the required
restoration time is assessed and compared with the
critical time. Probably the critical time would be a few
weeks to months. However, when the concerned struc-
ture belongs to a network that has an alternative
structure, the critical time can be longer.

3.2 Important structures

This group consists of national motorways, most rail-
ways, access to bridges, and big harbors. Because
these structures are unlikely to have alternative choices,
the allowable restoration time is short. It is impor-
tant that these structures play key roles in the post-
earthquake rescue and restoration activities. If this is
the case, the allowable restoration time is very short,
or even immediately after a quake, at least one lane of
a road has to maintain its function.

Towhata et al. (2008 & 2009) showed how to ratio-
nally determine the allowable deformation. According
to them, first the size of an affected area should be
determined, and second the allowable restoration time
is decided. Both decisions are easier than direct deci-
sion of the allowable deformation. Consequently, the
allowable deformation is determined. It seems that the
reasonable restoration time is within one month.

3.3 Extremely important structures

Intercity expressways, trunk railways, and interna-
tional harbors are included in this group. Although

attempts have been made to carry out PBD on these
structures, it appears that the critical residual defor-
mation has been determined by engineering judgment,
without a rigorous methodology.

For these structures, the economic damage has to
be taken into account. The restoration time should not
be so long as to cause fatal economic damage to the
concerned community. In this regard, the life cycle cost
(LCC) principle should be aimed in near future. LCC
is a summation of the initial cost (Ci), the maintenance
cost (Cm), and the seismic loss (Ce);

LCC = Ci + Cm + Ce (1)

It is aimed to minimize LCC by spending the opti-
mum amount of money on the initial construction.
Since LCC methodology is probabilistic, the uncer-
tainty in input earthquake motion and variation of soil
properties are taken into account.

Towhata et al. (2008 & 2009) attempted to carry out
LCC principle. The findings therein were

– Uncertainties in intensity of earthquakes and varia-
tion of soil properties are taken into account.

– Uncertainty of earthquake motion is more signifi-
cant than that of soil properties.

– Although economic damage is still difficult to
assess, it is the key factor that governs the optimum
design option.

– The LCC optimum design may be different from
what conventional factor-of-safety approach suggests.
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Integrated design of structure-foundation systems and performance
based design

M.J. Pender
University of Auckland, New Zealand

1 INTRODUCTION

These notes are concerned with the earthquake
resistant design of foundations, both shallow and deep,
for buildings and bridges in situations where liquefac-
tion is not a risk. The ideas presented herein are part
of the background to the thesis work of Wotherspoon
(2009) and Toh (2008).

The main thrust of the comments is that perfor-
mance based design of foundations needs to be linked
with the performance based design of the super incum-
bent structure; in other words the complete system,
foundation and structure, needs to be considered as a
single entity. It is envisaged that this might be achieved
by considering the responses of numerical models of
the whole system using design earthquake motions as
input.

The process suggested in the above paragraph
requires a close working together of the geotechnical
and structural teams involved in the design. This may
not be common practice in some, or even many, parts
of the world. A statement in the FEMA 356 document
(Federal Emergency Management Agency 2000) cau-
tions against handling uncertainty by specifying lower
bounds on soil stiffness and strength values. If the
actual values are greater than those assumed, then the
real design actions may be larger than those estimated.
The FEMA document requires that the basis for assign-
ment of property values needs to be fully explained in
geotechnical reports. This suggests that the geotechni-
cal work is completed well before the structural design
commences. This separation of activities is not what is
envisaged herein, rather it is suggested that the essence
of performance based design of foundation-structure
systems is a close working together of the structural
and geotechnical teams.

Much of our exploration of integrated design con-
cepts has been done with the Ruaumoko software (Carr
2004) modified where necessary to incorporate foun-
dation modelling.

Performance based design, at least in part, must
involve working within criteria for satisfactory post-
earthquake permanent displacements. Where are these
performance displacement criteria to come from?

This is not clear at present. Possible sources of insight
might be criteria for acceptable differential settlements
of structures. In other words if post earthquake
differential settlements are within accepted bounds
for structural differential displacements then, presum-
ably, the performance is satisfactory. Limitations on
permanent rotations of tall structures may be another
source of allowable displacement criteria. Allowable
relative movements between foundations and service
connections are another. In as much as interstorey drift
is affected by foundation response, then there may be
further insight here. Finally, spacing between adjacent
buildings and prevention of contact during earthquake
response might be another source of acceptable perma-
nent displacement criteria. These are offered here as
comments in lieu of recognised residual deformation
criteria.

In the remainder of these notes examples of inte-
grated design will be discussed briefly.

2 SHALLOW FOUNDATIONS

Although shallow foundations can sustain moment,
this is expensive in that larger foundations are needed
for a given vertical load. In the case of a framed
building on shallow foundations the ground floor
column bases may transfer moments to the founda-
tions during earthquake loading. It is obvious that
more economical shallow foundation sizes are pos-
sible if the column-footing connections are pinned.
Pender (2007) illustrated this and also demonstrated
that the additional lateral displacements induced in
the structure because of the pinned connections are
quite modest. Considering the moment distribution in
the ground floor column, it is apparent that when the
column-footing connections are fixed the moments
at the top and bottom of the column are of roughly
equal magnitude. But for the pinned connection there
is no moment at the footing and the magnitude of the
moment at the top of the first storey column is about
double that of the previous case. Thus geotechnical
design assumptions may have a significant effect on
structural performance.
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The paper by Pender et al. (2009) at this conference
explores another aspect of shallow foundation
behaviour, namely the possibility of using the per-
manent displacement at the end of the earthquake
as a performance criterion. This has long been done
with regard to the performance of slopes and gravity
retaining walls. Even though it is likely that accept-
able permanent displacements of slopes will be greater
than those for walls, which in turn will be greater than
those of shallow foundations, consideration of the
validity of shallow foundation post-earthquake dis-
placement is still merited. In the Pender et al. (2009)
paper the dynamic response, measured in a centrifuge,
of a model tower structure on a shallow foundation is
compared with computed outputs from three differ-
ent numerical models. It is seen, that from the point
of view of design analysis, all three models give a
reasonable prediction of the response.

3 PILED FOUNDATIONS

We have also looked at modelling the response of
framed structures supported on piles, one pile below
each column. In this case the pile head—column con-
nections are also connected by tie beams. Ruaumoko
modelling (Wotherspoon 2009) shows that with appro-
priate bending stiffness for the tie beams, it is possible
to ‘‘optimise’’ the moment distribution in the bottom
storey columns and the piles so that roughly the same
magnitude of maximum moment occurs at the top and
bottom of the column and in the pile shaft below.
This is another example of an insight that is a fruit
of the developing integrated models of the structure-
foundation system.

4 DISCUSSION QUESTIONS

i. Is the suggestion made above that a teamwork
approach is necessary to achieve the best outcome
for performance based design of structure founda-
tion systems feasible?

ii. It goes without saying that the numerical model
of the structure-foundation system needs to based
on high quality site investigation data. What is the
best strategy for obtaining such information?

iii. Following on from (ii), is the approach suggested
in the FEMA 356 document—obtaining a best
estimate of the ground stiffness and then checking
the response at twice and half this stiffness—real-
istic for performance based design?

REFERENCES

Carr, A.J. 3D RUAUMOKO: inelastic three-dimensional
dynamic analysis program, University of Canterbury—
Department of Civil Engineering, Christchurch, NZ,
2004.

Federal Emergency Management Agency ‘‘Prestandard and
Commentary for the Seismic Rehabilitation of Buildings—
FEMA 356’’. Washington D.C, 2000.

Pender, M.J ‘‘Seismic design and performance of surface
foundations’’, Chapter 10, Earthquake Geotechnical Engi-
neering, K.D. Pitalakis (ed), Springer, pp. 215–241,
2007.

Pender, M.J., Toh, J.C.W., Wotherspoon, L.M., Algie, T.B.,
and Davies, M.C.R. ‘‘Earthquake induced permanent dis-
placements of shallow foundations—performance based
design’’, IS-Tokyo 2009.

Toh, J.C.W. ‘‘Performance based aseismic design of shallow
foundations’’, ME thesis, University of Auckland, 2008.

Wotherspoon, L.M. ‘‘Integrated modeling of Structure—
Foundation systems’’, PhD thesis, University of Auckland,
2009.

276

©2009 Taylor & Francis Group, London, UK

  



Learning from geotechnical earthquake engineering case histories

J.D. Bray
University of California, Berkeley, CA, USA

ABSTRACT: Earthquake engineering is an experience-driven field. Documenting and sharing the key lessons
learned from major earthquake events around the world contributes significantly to advancing research and
practice in earthquake engineering. The importance of detailed mapping and surveying of damaged areas cannot
be overemphasized, as it provides the base data of well-documented case histories that drive the development of
many of the design procedures used by engineers. Many engineering methods are based on observations from
past earthquakes. Field observations are particularly important in the field of geo-engineering, because it is
difficult to replicate in the laboratory soil deposits built by nature over thousands of years. Much of the data
generated by a major earthquake is perishable and therefore must be collected within a few days of the occurrence
of the earthquake. Thus, geo-engineers should be prepared to investigate the next large earthquake and to learn
from it.

1 INTRODUCTION

There have been major findings and subsequent
advances in engineering and scientific understand-
ing in the aftermath of significant earthquakes in
urbanized and industrial areas. Past earthquakes that
have significantly influenced earthquake engineer-
ing include the 1906 San Francisco, 1923 Kanto,
1964 Niigata, 1964 Alaska, 1971 San Fernando, 1985
Mexico City, 1989 Loma Prieta, 1994 Northridge,
1995 Hyogoken Nambu, 1999 Kocaeli, and 1999 Chi-
Chi earthquakes. Much of the data and information
generated by an earthquake is perishable. Therefore,
it must be collected immediately following the event.
The removal of earthquake debris during recovery
operations and restoration of means of transportation
and lifelines quickly obscures observable significant
damage, and hence it obscures critical data that could
advance the state-of-the-art in earthquake engineering.

Fortunately, severe hazards that have the potential to
kill people and destroy infrastructure occur relatively
infrequently. Hence, they are referred to as ‘‘extreme
events.’’ However, they occur frequently enough with
the capacity for such severe consequences that society
cannot ignore them. Instead, we must learn from them
and develop the understanding that will allow us to
evaluate and mitigate the effects of future earthquakes.

2 SIGNIFICANCE OF EARTHQUAKE
ENGINEERING RECONNAISSANCE

Documenting and compiling the key lessons learned
from earthquake events constitutes an important task

for advancing research and practice in geotechnical
earthquake engineering. For example, the Seismic
Hazards Mapping Act, which became operative in the
State of California in 1991, is a model for identify-
ing and mitigating potential earthquake hazards. The
stated purpose of the Act is ‘‘to protect public safety
from the effects of strong ground shaking, liquefac-
tion, landslides, or other ground failure, and other
hazards caused by earthquakes’’ (California Division
of Mines and Geology 1997). The California State
Mining and Geology Board, Geological Survey, and
advisory committees are implementing this legislation
with the assistance of the U.S. Geological Survey and
with the benefit of the results from prior research from
the U.S. National Earthquake Hazards Reduction Pro-
gram. The successful implementation of these types
of laws and regulations is of paramount importance to
society.

Many of the current guidelines utilized in efforts
such as the California Hazard Mapping Program, how-
ever, are poorly defined regarding the effects of strong
shaking (especially in the near-fault region), liquefac-
tion and ground failure and their effects on building
performance, seismically induced landslides, and
the effects of surface faulting on structural systems
and lifelines. For example, a key element of Cali-
fornia’s Seismic Hazards Mapping Act is to identify
zones containing potential liquefaction/ground failure
hazards and to require review of design and miti-
gation measures in these zones. The recommended
evaluation/mitigation guidelines for ground failure
hazards are largely based on the ‘‘simplified’’ empiri-
cal methods delineated in Youd et al. (2001), yet many
of the methods proposed in Youd et al. (2001) are
based on data from earthquakes that occurred before
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1985. Clearly, these and other ‘‘standard’’ procedures
require re-evaluation and updating as important case
histories emerge.

The results of recent studies of soil liquefaction,
especially those involving soils with a significant amo-
unt of fines, have been largely motivated by observa-
tions of liquefaction and ground softening documented
by reconnaissance teams after recent earthquakes in
Turkey and Taiwan. For example, the careful docu-
mentation of liquefaction following the 1999 Kocaeli
earthquake (Bray and Stewart 2000) provided much
of the data that advanced the profession’s understand-
ing of liquefaction/ground softening of fine-grained
grained soils, and led to important new criteria for
evaluating the liquefaction potential of these soils
(e.g., Bray and Sancio 2006). Observations of the liq-
uefaction/softening of soils with fines in Taiwan by
Stewart (2001) have supported research by Chu et al.
(2004) on the liquefaction of fine-grained soils as
well. Additional case histories are required to enhance
the profession’s understanding of other earthquake
phenomena, such as the effects of ground softening,
ground failure, and ground movement on structures.
Important advancements are possible through research
of these effects in future earthquakes worldwide.

The geo-engineering profession has a rich tradition
of understanding the need to develop and to apply new
technologies and techniques that document in detail
the effects of earthquakes on urban infrastructure. Bec-
ause of the significant experience of geo-engineers in
documenting the effects of earthquakes and because of
their leadership in implementing new technologies in
reconnaissance activities, geo-engineers are uniquely
poised to work with other professionals to document
the effects of earthquakes and to advance earthquake
engineering through learning the lessons made appar-
ent through these disasters.

3 GEO-ENGINEERING RECONNAISSANCE
METHODS

The last ten years represent a time of unprecedented
advancement in the technologies used to document
earthquake damage. For example, during this period
the Geo-engineering Extreme Events Reconnaissance
(GEER) Association has been a leader in develop-
ing applications of emerging technologies that have
proven useful in documenting the effects of earth-
quakes (http://www.geerassociation.org/). The inno-
vative use of personal digital assistants (PDAs) to
record earthquake damage resulting from the 1999
Kocaeli, Turkey earthquake allowed engineers to col-
lect systematically and analyze carefully observations
in a consistent manner. The ground based LIDAR
(LIght Detection And Ranging) mapping system proved
useful in documenting ground failure resulting from
the 2004 Niigata-ken Chuetsu, Japan earthquake before

reconstruction efforts erased physical evidence that
proved critical to understanding the potential failure
mechanisms involved at many sites with ground failure
(e.g., Kayen et al., 2006).

The data and information that can be collected
by post-earthquake reconnaissance teams includes
high quality digital photographs of damage from air-
craft and from the ground. All observations can now
be documented digitally and positioned accurately
using GPS (Global Positioning System) coordinates
allowing integration of reports and detail as shown in
Figure 1. Aerial photographs taken after the event can
be compared to those from existing databases to help
define damage patterns that can provide invaluable
insights (e.g., Bray and Stewart 2000).

Besides photographic documentation that records
visual images of damaged and undamaged facilities
and systems, advanced techniques, such as LIDAR,
can be used to help document more completely ground
deformation across wide areas (Kayen et al., 2006).
Ground-based LIDAR has been used successfully to
document ground failure in several earthquakes as well
as after other extreme events. For example, aerial pho-
tography and ground-based LIDAR were used to docu-
ment the Shiroiwa (White Rock) landslide that resulted
from the shaking of the 2004 Niigata-ken Chuetsu,
Japan earthquake (see Figure 2). This large landslide
adversely impacted a major road and bridge that was
adjacent to it (Rathje et al., 2006).

Remote sensing, via spaceborne or airborne sen-
sors, is another tool that has emerged as a crucial
component of documenting the effects of natural dis-
asters, including earthquakes. Remote sensing repre-
sents the acquisition of data using sensors not in direct
physical contact with the area being investigated, and
includes optical satellite imagery, synthetic aperture

Figure 1. Map showing GPS-located incidents of liq-
uefaction in the south of downtown Seattle area, and
photographs of sand liquefaction resulting from the
2001 Nisqually, Washington earthquake at one location
(N47.58487◦ W122.33980◦; 03/02/2001; Bray et al., 2001).
Geo-engineers were able to accurately locate areas of liq-
uefied ground using hand-held GPS devices. Data were
available one week after the earthquake.
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Figure 2. The reconnaissance for the 2004 Niigata Ken
Chuetsu earthquake in Japan provided geo-engineers an
opportunity to use new technologies in their field studies.
Aerial photography and terrestrial LIDAR were used to doc-
ument earthquake-induced landslides, such as the Shiroiwa
Slide, which is shown here (Rathje et al., 2006).

radar (SAR), and LIDAR. Commercial optical satel-
lites routinely obtain sub-meter imagery that can be
used to assess the geographical distribution of earth-
quake damage. Satellite imagery is georeferenced to
standard cartographic projections, and thus observa-
tions from the imagery can be fused with ancillary
information such as geologic maps, topographic maps,
or any other information that has been georeferenced.
Very high resolution (VHR) satellite imagery was used
to document the distribution of landslides from the
2004 Niigata-ken Chuetsu earthquake and to investi-
gate the influence of geologic, topographic, and seis-
mologic conditions on the observed failures (Rathje
et al., 2006).

SAR represents an active remote sensing technique
in which the reflections of transmitted radar signals are
measured. Because of the active source, SAR can
acquire imagery at night or through clouds, which are
attractive features for acquiring data as quickly as pos-
sible after an earthquake. In addition to the collected
imagery, SAR data allows for advanced analytical
techniques, such as radar interferometry (InSAR),
which can provide precise measurements of ground
deformation. Specifically, InSAR has been successful
in measuring aseismic and coseismic slip across faults
(e.g., Sandwell et al., 2002) and documenting the spa-
tial and temporal distribution of landslide movements
(Hilley et al., 2004).

Detailed mapping is possible with differential GPS
devices, such as total stations, as illustrated by the
survey of ground deformation associated with sur-
face fault rupture observed after the 1999 Chi-Chi
earthquake as shown in Figure 3. The importance of
detailed mapping and surveying of damaged areas
relative to general damage surveys cannot be overem-
phasized, as they provide the data for well-documented
case histories that drive the development of many of
the empirical procedures used in geotechnical earth-
quake engineering practice. Geologic maps, topo-
graphic maps, soil reports, and damage reports can
be collected from various sources to help complete
the picture of what happened and prepare for later

Figure 3. Detailed mapping of surface fault rupture from
the 1999 Chi-Chi, Taiwan earthquake that shows 2.8 m of
vertical offset over a 20 m wide zone of deformation. This
information is being used to develop mitigation design strate-
gies for engineered systems, such as buried pipelines, that
must cross active faults (Kelson et al., 2001).

support studies that allow the profession to discern
why it happened.

Field observations, detailed mapping and mea-
surements, and remote sensing technologies provide
diverse data at different spatial scales, temporal scales,
and spatial dimensions, yet together they offer oppor-
tunities to develop more comprehensive observations
of earthquake damage. Additionally, the fusion of
observations from different sources can lead to more
comprehensive assessments of failure mechanisms
and earthquake effects. The data can also be integrated
with other types of geospatial information, such as
geologic maps, topographic maps, and Shakemaps of
ground motion, to explore the relationships between
earthquake damage and these important conditions.
This integration is facilitated by the fact that currently
all damage observations, whether made in the field or
via remote sensing techniques, are georeferenced to
standard cartographic projections using GPS.

Existing techniques can also be better utilized in a
coordinated manner to obtain quantitative data on
ground failure and building performance after an
earthquake. For example, using a modified version of
the Coburn and Spence (1992) rapid survey of struc-
tural damage and the ground failure index presented in
Bray and Stewart (2000), reliable data was obtained
before damaged buildings were razed or repaired.
These data (an example is shown in Fig. 4) proved to
be invaluable for focusing later in-depth studies. These
data allowed investigators, such as described in Sancio
et al. (2002), to correlate the occurrence of ground fail-
ure with particular ground conditions, as illustrated in
Figure 5.
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4 CONCLUSIONS

The documentation of the geotechnical effects of
the of the 1999 Kocaeli, Turkey earthquake in Youd
et al. (2000), of the 2007 Pisco, Peru earthquake
in Rodriguez-Marek et al. (2007), and of the 2007
Niigata-Chuetsu Oki earthquake in Kayen et al. (2007),
among other fine efforts, are great examples of what
effective post-earthquake geo-engineering reconnais-
sance can accomplish. These efforts succeeded in large
part because of the value geotechnical engineers place
on learning from earthquakes and on developing well-
documented case histories that form the cornerstone
of understanding for the profession.
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The role of remote sensing in documenting landslide and ground failure case
histories for performance-based seismic design

E.M. Rathje
University of Texas at Austin, Austin, TX, USA

ABSTRACT: The use of advanced technologies in earthquake reconnaissance has become more prevalent
over the last decade. In particular, remote sensing technologies have demonstrated their potential to improve the
documentation of earthquake-induced landslide and ground failure phenomena. Continued advances in remote
sensing will lead to further use of these technologies and the more accurate documentation of case histories for
performance-based seismic design.

1 INTRODUCTION

The main goals of earthquake reconnaissance are to
identify and document important case histories that
can improve our seismic design methods and pre-
dictive models. Performance-based design imposes
an additional criterion on the documenting of case
histories—the quantification and direct measurement
of the system’s performance.

Advanced technologies are starting to play an impo-
rtant role in earthquake reconnaissance because they
can provide important observations and measure-
ments that could not be obtained before. In fact,
one of the primary objectives of the Geoengineer-
ing Extreme Events Reconnaissance (GEER) Asso-
ciation (formerly the Geo-Engineering Earthquake
Reconnaissance Association) is to employ innova-
tive technologies for post-event reconnaissance. Other
organizations have also taken advantage of advanced
technologies (e.g., Earthquake Engineering Research
Institute, EERI).

Remote sensing represents a group of imaging tech-
niques that provide geospatial information about an
area, generally from a spaceborne, airborne, or tripod
platform. The remote sensing techniques that have pre-
dominantly been used in earthquake studies are optical
satellite imagery, synthetic aperture radar (SAR), and
light detection and ranging (LIDAR). These technolo-
gies collect data using different sensing approaches
and at different spatial scales such that they provide
different information about the area being investi-
gated. Rathje and Adams (2008) provide an overview
of remote sensing techniques and their application to
earthquake studies.

Remote sensing has been used in several earth-
quake reconnaissance efforts sponsored by GEER
and EERI. This paper describes some of these efforts
within the context of documenting case histories of
earthquake-induced landslides and ground failure.

The opportunities for remote sensing in the future
are also discussed.

2 PREVIOUS USES OF REMOTE SENSING

2.1 2004 Niigata-Ken Chuetsu Earthquake

The 2004 Niigata-Ken Chuetsu Earthquake
(Mw = 6.6) in Japan induced severe landsliding in the
uplands region close to the epicenter (e.g., Kieffer
et al., 2006, Rathje et al., 2006, Toyota et al., 2006).
Very high resolution (VHR) optical satellite imagery
(submeter) was used by the GEER/EERI team dur-
ing reconnaissance to plan reconnaissance efforts
and was used after reconnaissance to develop an
estimate of the landslide distribution throughout the
entire uplands area (Carr 2009). The development
of accurate inventories of earthquake-induced land-
slides is an important endeavor for evaluating seismic
landslide hazard maps, which are typically based
on slope performance as quantified by sliding block
displacement.

Airborne LIDAR was used after this earthquake
to document the post-earthquake geometries of some
of the largest landslides (T. Kokusho, personal com-
munication), and terrestrial LIDAR was used (Kayen
et al., 2006) to image other slope failures (Figure 1).
These data provide detailed failure geometries that
can be used to evaluate our analytical predictions of
earthquake-induced landslide deformations.

2.2 2007 Pisco, Peru Earthquake

The 2007 Pisco, Peru Earthquake (Mw = 8.0) caused
significant soil liquefaction along the coast of cen-
tral Peru and GEER supported a targeted geotechnical
reconnaissance of this event (Rodriguez-Marek et al.,
2007). During the earthquake a large lateral spread,
approximately 3-km long, occurred on a marine
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Figure 1. 3D digital terrain model of a slope failure from the
2004 Niigata-ken Chuetsu earthquake (Kayen et al., 2006).

terrace near the town of Canchamana. At its midpoint,
the cumulative lateral displacement (obtained from
adding up the widths of tension cracks) totaled more
than 5 m (Meneses et al., 2009). However, due to the
size of the feature, it was difficult to spatially quantify
the magnitude of the displacements in the field and to
discern if the entire marine terrace moved as a coherent
lateral spread toward the ocean. Therefore, pre- and
postearthquake VHR satellite imagery was used to
evaluate the extent and variability of lateral displace-
ments across the marine terrace. Preliminary satellite
image analyses confirmed significant lateral move-
ment (as much as 6 m) along portions of the marine
terrace (Figure 2; Dr. Brady Cox, personal commu-
nication). However, there is reason to question the
absolute validity of the results (in particular the direc-
tions of the displacement vectors) because of various
technical concerns and uncertainties. A more refined
satellite image analysis plan is currently being imple-
mented to address the deficiencies revealed in the
preliminary analyses (Cox, personal communication).

2.3 2008 Wenchuan Earthquake

The 2008 Wenchuan Earthquake (Mw = 7.9) in China
represents another earthquake that induced signifi-
cant landslides and a GEER/EERI reconnaissance
team was tasked to the field (Frost et al., 2009). In
this earthquake the landslides occurred over an area
over 20,000 km2 in size, as compared to an area
of less than 100 km2 for the Niigata-Ken Chuetsu
earthquake. Because of the large area affected, both
moderate resolution (15–30 m LANDSAT) and VHR
(sub-meter) optical satellite imagery was used to iden-
tify the locations of earthquake-induced landslides
(Carr 2009).

An area of approximately 30,000 km2, centered
about the fault rupture zone, was analyzed using
LANDSAT imagery. Change detection analysis of
pre-and post-earthquake imagery was performed to
identify landslides based on areas of stripped vege-
tation. Cloud cover and haze were pervasive in the

post-earthquake imagery, such that the longer wave-
length mid-infrared band was used in analyses because
of its ability to better penetrate the adverse atmospheric
conditions. The LANDSAT analysis provided a large-
scale evaluation of the landslide distribution across
the entire affected area. These results identified the
hardest hit areas, which were further investigated with
VHR imagery.

Figure 2. Displacement vectors obtained from preliminary
satellite image processing of the Canchamana lateral spread
(Cox, personal communication).

Figure 3. Pre- and post-earthquake VHR satellite imagery
of landslides and building damage induced by the 2008
Wenchuan earthquake in the town of Ying Xiu, Sichuan
Province, China.

284

©2009 Taylor & Francis Group, London, UK

  

http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch29&iName=master.img-000.jpg&w=186&h=117
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch29&iName=master.img-001.jpg&w=161&h=287
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch29&iName=master.img-002.jpg&w=186&h=88


Figure 3 shows the pre- and post-earthquake VHR
satellite imagery from the town Ying Xiu, located in
the epicentral area. Ying Xiu was one of the hardest
hit areas, with some areas experiencing landslide
concentrations of 100%. The VHR imagery clearly
shows the significant damage to this area and this
data is currently being used to develop an accurate
inventory of the earthquake-induced landslides from
this earthquake.

3 FUTURE OPPORTUNITIES

3.1 Higher resolution data

The commercial satellite imagery industry is strong
and several new VHR sensors are coming online.
Recently launched sensors include GeoEye-1, which
collects panchromatic data at 0.4 m and multispec-
tral data at 1.65 m, and WorldView-1, which collects
panchromatic (grayscale) data at 0.5 m. WorldView-2
has plans to collect panchromatic data at 0.5 m and
multispectral data at 1.8 m. Data from these new sen-
sors will play an important role in documenting the
effects of future earthquakes.

Currently, our ability to evaluate seismic landslide
hazard mapping methodologies is hampered by the
limited validation data that is available. The most
comprehensive landslide inventory from an earth-
quake comes from the 1994 Northridge earthquake
(Jibson et al., 2000), but few other inventories exist.
Inventories of earthquake-induced landslides are not
often developed for earthquakes with significant land-
slides because the cost of traditional landslide surveys
is too high. Developing landslide inventories from
VHR satellite imagery can fill this gap, and higher
resolution data with more geospatial accuracy will
lead to more accurate inventories. As a result, satellite
imagery will allow us to develop landslide inventories
for any earthquake around the globe that induces sig-
nificant landslides. Increasing the number of landslide
inventories available to validate our seismic landslide
prediction methods will lead to improved seismic
landslide maps.

3.2 Deformation measurements

An exciting opportunity related to landslides and
ground failure involves deriving accurate deformation
measurements from remote sensing data. SAR inter-
ferometry (InSAR) and optical imagery correlation
have been used to monitor various types of ground
deformation, from coseismic fault slip (Fiegl et al.,
2002) to landslide creep (Delacourt et al., 2007) to land
subsidence (Buckley et al., 2003). Figure 2 represents
one of the first attempts to apply this type of analysis
to lateral spread deformation. The higher resolution
optical satellites, coupled with higher resolution SAR

satellites (e.g., TerraSAR-X and Cosmo- SkyMed
with 1 m resolution), will allow for more accurate
measurements of deformation from remote sensing.
These measurements will allow us to significantly
increase the number of ground failure case histories in
which we have detailed measurements of movements.
These data will lead to better and improved models
for predicting deformations of landslides and ground
failure.
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Landslides induced by Earthquake and their subsequent effects—lessons
learned from the Chi-chi earthquake, 1999

M.L. Lin, K.L. Wang & T.C. Kao
Department of Civil Engineering, National Taiwan University, Taipei

ABSTRACT: The Chi-Chi earthquake struck central region of Taiwan on September 21, 1999, with a local
magnitude of 7.3, which induced extensive landslides covering a total area of more than 8000 ha. In this paper,
the effects of the ground motion of the Chi-Chi earthquake on the landslides and characteristics of the landslide
are examined. Finally, the effects of the earthquake on triggering of subsequent landslides and the variation of
the threshold rainfall following the Chi-Chi earthquake are discussed.

1 INTRODUCTION

The Chi-Chi earthquake struck central region of
Taiwan on September 21, 1999, with a local mag-
nitude of 7.3, had caused severe ground failures and
loss of lives and properties. The earthquake was trig-
gered by the faulting action of the Chelungpu fault,
which is a shallow thrust east-dipping fault moving
westward. The focal depth of the earthquake was
only 8 km releasing a tremendous amount of energy
near the ground surface. The fault rupture length was
105 km and the maximum peak horizontal ground
acceleration was about 1g, where the maximum peak
vertical ground acceleration was 0.7 g. The PGA con-
tour of motion caused by the main shock is shown in
Figure 1. The maximum horizontal displacement was
about 9 m, and the maximum vertical displacement
was about 6 m near the north-end of the fault where it
turned eastward. With such strong ground motion and

Figure 1. The distribution of horizontal peak ground accel-
eration of the Chi-Chi earthquake (in gal).

large displacements, various types of ground failure
occurred causing significant amount of damages and
loss. Among all types of failure, landslides covered
the most significant extents and caused tremendous
loss and profound effects (NCREE, 2000). A follow-
up investigation based on the aero-photo and SPOT
satellite images taken before and after the earthquake
by the Council of Agriculture identified more than
21,900 items of pixel variation with a total area of
more than 8,600 hectare as shown in Figure 2. In this
paper, the characteristics of the landslides induced by
the earthquake are discussed, and the effects of ground
motion and subsequent events are examined.

Figure 2. Distribution of identified landslide caused by
Chi-Chi earthquake using SPOT images (Lin et al., 2002).
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2 CHARACTERISTICS OF THE LANDSLIDES

Based on the data from the field reconnaissance
(NCREE, 2000), most of the landslides induced by
the earthquake were with small to medium scales,
and about 70% of the landslides had area smaller
than 4000 m2. The distribution of different types of
failure reported is as shown in Figure 3. In Figure 3
the debris slide is the most encountered failure type
which accounts for 63% of the failure, while toppling
and rock fall is the second with 22%. Distribution of
the failed slope angle is as shown in Figure 4. The
landslides with slope angle larger than 45◦ account
for 90% of all cases, which suggests that the slope
with high slope angle has higher landslide poten-
tial. The results of large percentage of high slope
angle are quite consistent with the distribution of
the failure types of the slope, because typically the
debris slide and toppling/rock fall would occur on
steep slope. The field observation also confirm that
the most common type of slides were shallow slides on
the steep slope occurring near the crest. The weather
condition before the Chi-Chi earthquake was fairly
dry without much precipitation as illustrated in the
record of the Sun-Moon-Lake rain gage station close
to the epicenter in Figure 5. Thus it is unlikely to
have significant cases of deep-seated slides for lacking
of ground water pressure effects.
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Figure 5. The precipitation record of September, 1999 of
the Sun Moon Lake rain gauge station, the Central Weather
Bureau.

3 THE EFFECTS OF GROUND MOTION
ON THE LANDSLIDES

In order to understand the effects of the ground motion
on the landslides, the ground acceleration at each land-
slide site was determined based on interpolation of
records of nearby strong motion stations. The distribu-
tion of the mean horizontal peak ground acceleration
and vertical peak ground acceleration of each event
were plotted with respect to the slope angle in Figures 6
and 7, respectively. It was found that the effects of the
ground motion were significant and relatively inde-
pendent of the slope angle, and there appeared to
be threshold accelerations for both the vertical and
horizontal ground motions. From Figures 6 and 7,
the threshold of vertical peak acceleration is approxi-
mately 70 gal with slope angle larger than 20◦, and the
threshold of horizontal peak acceleration is approxi-
mately 100 gal with slope angle larger than 20◦. Both
threshold peak ground accelerations appear to be con-
stants and relatively independent of the slope angle
with slope angle larger than 20◦. For both cases, the
threshold accelerations increase with decreasing slope
angle when slope angle become smaller than 20◦.
However, with smaller slope angle the landslide typ-
ically occurred with high ground acceleration. One
significant event with slope angle smaller than 20◦
occurred, i.e. the Tsaoling dip-slope landslide. The
landslide was dominated by the geological structure
and with slope angle of 12 ∼14◦. Close examination
revealed that the high vertical ground acceleration
played an important role in causing the landslide.
Similar results were drawn upon analysis of several
other events. The effects of the high vertical accelera-
tion can be observed comparing Figures 6 and 7 as the
distribution of ground acceleration in both directions
are about the same magnitude.

The attenuation of the peak ground acceleration
with respect to the hypocentral distance for vertical
motion and horizontal motion were plotted in Figures 8
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Figure 6. The distribution of horizontal peak ground accel-
eration versus slope angle.

Figure 7. The distribution of vertical peak ground acceler-
ation versus slope angle.

Figure 8. The distribution of horizontal peak ground accel-
eration versus hypocentral distance.

and 9, respectively. Generally, the attenuation of
ground motion in both directions of the landslide
events followed the same trend of attenuation recorded
by the free field strong motion stations, and located
in the range with larger ground motion and closer to

Figure 9. The distribution of vertical peak ground acceler-
ation versus hypocentral distance.

Figure 10. Landslides and debris flows induced by typhoon
Mindule in 2004 versus landslides induced by the Chi-Chi
earthquake (Lin et al. 2004).

the epicenter. The two small peaks observed in both
Figures 8 and 9 appeared to be affected by the large
ground displacement caused by the faulting action
and the triggered events (Shin, 1999). Such effects
appeared to be more significant on the vertical ground
motion than the horizontal ground motion due to the
large upward displacement of the hanging wall side
near the fault. Based on the previous discussions, the
ground motion appeared to be the most important fac-
tor causing landslides during the Chi-Chi earthquake,
and the effects of the vertical peak ground acceleration
were quite significant. Comparing the ground motion
of landslide events to the ground motion recorded by
the strong motion stations, the distribution of the main
group of events fell in the similar trend as ground
motion recorded by the strong motion stations. How-
ever, it was found that the landslide events appeared
to locate in the ranges with higher ground motion, and
typically with high vertical acceleration.
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4 EFFECTS OF THE LANDSLIDES
ON SUBSEQUENT EVENTS

Due to the severe slope failures caused by the Chi-Chi
earthquake, it is likely that new landslides, rock falls,
and debris flow may be easily triggered by other earth-
quakes or rainfall. In 2001, typhoon Toraji caused
severe landslide and debris flow hazard in Central Tai-
wan, and it was found that most of the landslides and
debris flows occurred at locations of previous land-
slides induced by the Chi-Chi earthquake. In 2004,
typhoon Mindule caused severe landslide and debris
flow hazard in the Central Taiwan area. The reconnais-
sance (Lin, et al., 2004) indicated a close relationship
between the hazard induced by the typhoon Mindule
and landslides induced by the Chi-Chi earthquake as
shown in Figure 10. For both typhoon events, it was
found that the extent of failures of many reactivated
landslides and debris flows increased significantly.
Case histories of 14 debris flow torrents with known
recurring records were documented for major typhoon
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Figure 11. Number of debris flow occurrences of 14
torrents during major typhoon events (data from SWBC
2002).

events from 1985 to 2004 as shown in Figure 11. Noted
that the number of debris flow occurrence increased
significantly after the Chi-Chi earthquake, and the
recurring period of severe events decreased. Two
watersheds severely impacted by the earthquake i.e.
the Ta-Chia River watershed, and the Chen-You-Lan
River watershed were selected for further analysis.
The landslides caused by the Chi-Chi earthquake
together with the landslides cuased by subsequent
typhoon Toraji, and typhoon Mindule were shown in
Figure 12. It was found that the number of reacti-
vated landslides by subsequent typhoon events were
significantly. In Ta-Chia River watershed the reac-
tivated landslides took up about 30% of landslides
induced by both typhoons Toraji and Mindule. In
Chen-You-Lan River watershed the reactivated land-
slides took up about 55% and 33% of landslides
induced by typhoons Toraji and Mindule, respectively.
Comparison of the reactivated landslides and landslides
induced by the Chi-Chi earthquake revealed that the
landslides caused by the earthquake occurred near the
crest of the slope due to the characteristic of seis-
mic load and ground amplification. Subsequently, the
landslide scars and open cracks would easily lead to
landslide reactivation in the lower part of the slope pro-
file by heavy rainfall of typhoons where ground water
infiltrates and accumulates, and then debris and heavy
rainfall lead to triggering of debris flow as illustrated
in Figure 13.

5 VARIATION OF THRESHOLD RAINFALL
OF LANDSLIDE FOLLOWING CHI-CHI
EARTHQUAKE

Severe landslides along the Puli-Wushe highway in
the May River watershed were induced by the Chi-
Chi earthquake and followed by reactivated land-
slides and debris flow. The May River watershed is

Figure 12. The landslide events caused by the Chi-Chi earthquake 1999, typhoon Toraji 2001, and typhoon Mindule 2004
in Chen-You-Lan River watershed and Ta-Chia River watershed.
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Figure 13. Illustration of reactivation of landslides and triggering of debris flows following the earthquake induced landslides;
showing in the left is a landslide case in the Ta-Chia River watershed.

located between the Ta-Chia River watershed and
Chen-You-Lan River watershed, and the cases are
presented for discussions of the variation of thresh-
old rainfall following the Chi-Chi earthquake. The
first event immediately after Chi-Chi earthquake is
the rainfall in February 2000, followed by typhoon
Toraji in 2001, typhoon Mindulle in 2004, and the
most recent typhoon Sinlaku in 2008. The landslide
hazard events occurred during the period from 1999
to 2008 are shown in the hill shaded map in Figure 14
following time sequential order. Observing the figure,
the landslide hazards at most sites occur repeatedly
after the Chi-Chi earthquake. In order to discuss the
variation of the rainfall for triggering of landslide haz-
ard along Puli-Wushe highway following the Ch-Chi
earthquake, the rainfall records of the nearby Ren-Ai
rain gage station of selected events are used and the
total accumulated rainfall and the maximum 24 hrs
accumulated rainfall of all the events are plotted in
Figure 15 following time sequence. In Figure 15, it
is found that the triggering accumulated rainfall and
the maximum 24 hrs accumulated rainfall increase
gradually with time after the Chi-Chi earthquake.
More events were analyzed using the maximum rain-
fall intensity versus the total accumulated rainfall as
plotted in Figure 16, and it is found that the rainfall
intensity versus accumulated rainfall of time sequen-
tial events can be grouped into two distinct lower
bounds. The lower bounds can be treated as the min-
imum thresholds for causing landslides, and it starts
with much lower threshold immediately after the earth-
quake, and then moves toward the upper right as time
elapses, which suggests increasing rainfall is required
for triggering of landslide hazard. Both Figures 15 and
16 suggest that the threshold rainfall for triggering of

Figure 14. The hill shaded map along Puli-Wushe highway
in May River watershed and the landslide hazard events.

Figure 15. The variations of the total and maximum 24 hrs
accumulated rainfall at Ren-Ai station of selected land-
slide hazard events in time sequence following Chi-Chi
earthquake.

the landslide hazard increases with time after Chi-Chi
earthquake, and the slopes in the May River watershed
gradually become more stable as time proceeds.
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Figure 16. The maximum rainfall intensity versus accumulated rainfall of Ren-Ai gauge station of the selected events.

6 CONCLUSIONS

In 1999 the Chi-Chi earthquake struck central Taiwan
and caused extensive landslide hazard. Based on the
analysis of ground motion data of the identified land-
slide events, it is suggested that the ground motion
is the most important factor for causing landslides,
and the vertical peak ground acceleration has a signif-
icant effect. The threshold peak ground acceleration
observed is approximately 70 gal in vertical direction,
and 100 gal in horizontal direction. A large magnitude
earthquake such as Chi-Chi earthquake could cause
extensive landslides with cracks and fissures, which
could lead to activation of the subsequent landslides
and triggering of debris flows. It is expected that the
effects would be prolonged but in a diminishing rate.
The triggering rainfall of landslide hazard appeared to
increases gradually with time after the Chi-Chi earth-
quake, suggesting the slopes in the study area gradu-
ally become more stable as time proceeds. However,
efforts are still required in order to reduce such effects
of secondary hazard in the near future.
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Characteristics of disasters induced by the Wenchuan 8.0 earthquake
and lessons learnt from it

L.M. Wang, Z.J. Wu & X.M. Zhong
Lanzhou Institute of Seismology, China Earthquake Administration, Lanzhou, China

ABSTRACT: On May 12, 2008, a great earthquake with a magnitude 8.0 occurred in the Wenchuan County,
Sichuan Province, China. The main shock was widely felt by the people in 30 provinces of China, 6 of which were
seriously affected. The strong shaking not only caused enormous buildings and houses collapsed or seriously
damaged, but also triggered more than 12,000 landslides, collapses and mudflows, which dammed more than
30 quake lakes. According to the authority statistics, more than 87,000 people were killed and 374,000 people
injured. The direct economic loss reaches 845 billion Chinese Yuan, which is about 124 billion USD. In this
paper, the characteristics of damage of buildings, houses, infrastructures and lifeline were described, which
including reinforced concrete buildings, brick-concrete buildings, the bottom reinforced concrete buildings,
brick-wood houses and adobe-wood houses, highways and railways, bridges, dams, electricity supply, water
supply, gas supply and communication system. The secondary disasters induced by the earthquake, such as
landslides, rolling rocks, seismic settlement and liquefaction were investigated and introduced. The distribution
characteristics of both ground motion and faults rupture caused by the earthquake were presented.

1 INTRODUCTION

On May 12, 2008 at 14:28, a great earthquake with
a magnitude 8.0 occurred in the Wenchuan County,
Sichuan Province in China. The Epicenter locates at
the place of latitude N31.021 and longitude E103.367,
and the focal depth is 14 Km. The earthquake caused
tens of thousands of deaths and hundreds of billions
RMB in losses, and it has become the worst earth-
quake event to occur since new China established
in 1949, except the Ms 7.8 Tangshan Earthquake
in 1976. The distribution of casualties and economic
loss in the Sichuan and the other regions around it is
listed in Table 1. The event occurred along the Long-
men fault, where the Diexi Earthquake with magnitude
7.5 occurred in 1933, and two other earthquakes both
with magnitude of 7.2 occurred in the Songpan County
within one week in 1976.

The earthquake affected large areas, which includes
30 provinces and municipals in China. The seri-
ously damaged areas include Sichuan, Gansu and
Shaanxi Provinces. The earthquake had an extremely
high intensity over a large affected area with sustained
impact, and the epicentral intensity is XI on Chinese
Intensity Scale at the Beichuan County and Yingxiu
Town of Wenchuan County. The earthquake intensity
zone is shown in Figure 1, provided by the Chinese
Earthquake Administration (CEA). As of October 21,
2008, a total of 34417 aftershocks had been observed

Table 1. Distribution of casualties and economic loss in
the Sichuan and the other regions around it in China.

Region Dead Injured Missing Loss (109US$)

Total 69209 374498 18194 130.87
Sichuan 68696 360236 18194 121.31
Gansu 368 10171 6.70
Shaaxi 122 3379 2.86
Chongqing 18 637
Yunnan 1 51
Henan 2 7
Hubei 1 17
Hunan 1

Figure 1. Earthquake intensity zone (Chinese scale),
provided by the Chinese Earthquake Administration (CEA).
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Figure 2. Distribution of aftershocks with magnitude
above 4 (From the China Earthquake Networks Center
(CENC)).

Figure 3. Stations that observed the main shock records
around the epicenter in China (From the China Strong Motion
Networks Center (CSMNC)).

(CENC, 2008). Figure 2 shows the distribution of
aftershocks with magnitude above 4, including the
main shock of the earthquake.

2 THE DISTRIBUTION OF GROUND MOTION
ACCELERATION

There are hundreds of stations of strong ground motion
located in the quake-hit areas. However, tens of the
observation stations and instruments in the heavily
quake-hit area were damaged, 398 stations of them
recorded valuable information on strong ground
motion. Figure 3 shows the stations that observed
the main shock records in China. The largest one
was obtained at Wolong station in Dujiangyan City
as shown in Figure 4. Among the three components,
the largest one was the EW horizontal one, and the
maximum acceleration, velocity and displacement is
959.1 gal, 50.1 cm/s and 12.7 cm respectively. The dis-
tributions of strong ground motion of the horizontal
components (EW, NS) and vertical components (UP)
around the epicenter are shown in Figure 5, Figure 6
and Figure 7.

Figure 4. Ground strong motion obtained at Wolong
station in Dujiangyan City (From the top to bottom are accel-
eration, velocity and displacement respectively.) (From the
China Strong Motion Networks Center (CSMNC)).

Figure 5. Distribution of strong ground motion of the
horizontal components (EW) (From CSMNC).

Figure 6. Distribution of strong ground motion of the
horizontal components (NS) (From CSMNC).

Figure 7. Distribution of strong ground motion of the
vertical components (UP) (From CSMNC).
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3 ARACTERISTICS OF DAMAGE
OF BUILDINGS AND HOUSES

There are five kinds of buildings and houses in the
quake-hit area, the Sichuan, Gansu and Shaanxi
Province, which includes reinforced concrete build-
ings, brick-concrete buildings, the bottom reinforced
concrete buildings, brick-wood houses and adobe-
wood houses. The characteristics of damage of these
buildings and houses are described as following.

3.1 Reinforced concrete buildings

The reinforced concrete buildings mainly locate in the
cities and towns of the heavily affected area, and which
were proper seismic design and high-quality construc-
tion. Even in towns with almost complete destructions,
there were always a few RC buildings that did not suf-
fer heavy damage, except the buildings located at a
place where a fault rupture crossing. Figure 8 shows
a standing building in the Dongfang Steam Turbine
Works located in Hanwang town, which was damaged
during the earthquake. Field investigation proved that
the first and second floors were sheared damage to
the walls, however the beams and columns did not
damaged and the structure could be used after repairs.
Figure 9 shows a business building in Hangwang town.
Note the walls of this building were collapsed but the
frame kept in good situation. Most of the reinforced
concrete buildings have a good performance during the
great earthquake shocking, in which the main frame
did not collapse.

3.2 Bottom reinforced concrete buildings

The bottom reinforced concrete buildings are also
located in cities and towns of the quake-hit region.

Figure 8. A standing building in the Dongfang Steam
Turbine Works located in Hanwang town.

Figure 9. A businesses building in Hangwang town.

Figure 10. A five floors building in Dujiangyan City.

Figure 11. The building with the top floor destroyed in
Guangji town of Mianyang City.

In general, the first floors were constructed by rein-
forced concrete and the upper floors were brick-
concrete contracture. Figure 10 shows a five floors
building in Dujiangyan City. The second floor was
sheared to damage and the upper floors were minor
damage to the walls. Figure 11 shows a building
which the top floor was destroyed in Guangji Town of
Mianyang City.
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Figure 12. Completely collapse of a school building in
Yingxiu town of Wenchuan County. (From Gao Mengtan).

Figure 13. A building in Beichuan County, which the
first floor was destroyed and the upper floors were heavily
damaged.

3.3 Brick-concrete buildings

The brick-concrete buildings have low seismic resis-
tance, especially the buildings with precast slabs. The
intensities were 10 and 11 at the heavily affected
area, which was much higher than specified by the
building design codes for Wenchuan and Beichuan
County. Therefore, 90% of the brick-concrete build-
ings collapsed or were heavily damaged in Sichuan
Province. A great number of people were died due
to the collapses of brick-concrete buildings with pre-
cast slabs. Figure 12 shows the complete collapse
of a school building in Yingxiu Town of Wenchuan
County. Figure 13 shows a building which the first
floor was destroyed and the upper floors heavily dam-
aged in Beichuan County.

In the heavily quake-hit area in Gansu Province,
which the intensities were 8 and 9, most of the brick-
concrete buildings kept standing but were damaged.
The upper floors were damaged worse than the floors
below. Figure 14 shows a building of the Weather
Bureau of Longnan City in Wudu District, where
the intensity was 8. The top floor of the building
was sheared to damage badly, and this building was
removed later.

Figure 14. The Weather Bureau of Longnan City in Wudu
District.

Figure 15. Completely collapse of a school building in
Yingxiu town of Wenchuan County. (From Gao Mengtan).

Figure 16. A building in Beichuan County, which the
first floor was destroyed and the upper floors were heavily
damaged.

3.4 Brick-wood houses and adobe-wood houses

The brick-wood houses and adobe-wood houses locate
in the rural area in Sichuan, Gansu and Shaanxi
Province. The current design code does not cover
buildings in rural areas in China, making these build-
ings vulnerable when an earthquake occurs. These
kinds of houses have a very low level of earthquake
resistance and most of them were built before 2000.
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Almost all of these houses collapsed in the region
with intensity of 10 and 11, causing a huge number
of casualties and loss as shown in Figure 15. In the
area with intensity of 8 and 9 of Longnan City in
Gansu Province, The brick-wood houses and adobe-
wood houses which located at the top mountain or
mountainside were collapsed. Figure 16 shows the
completely destroyed village of Haoping village in
Wudu District of Longnan City.

4 THE CHARACTERISTICS OF DAMAGE
TO INFRASTRUCTURES AND LIFELINE

In the heavily quake-hit area, many types of infras-
tructures and lifeline engineering structures suffered
damages to different extents, such as highway and rail-
way, bridge, dam, electricity supply, water and gas
supply, and communication system.

4.1 Highway and railway

Many highways were destroyed by the main shock and
the secondary disasters induced by the great earth-
quake, such as landslides and rolling rocks. Figure 17
shows the Duwen highway connecting the Dujiangyan
City and the Wenchuan County, which was opened
for traffic on May 11, 2008 and destroyed by the
main shock completely on May 12, 2008. It had
only operated for 1 day. Figure 18 shows a subside
with 10 m long and 3 m wide in the G212 highway,
which connects Gansu Province and Sichuan Province
in Wenxian County, Gansu Province. Moreover, the
earthquake caused damage to railways. The railway
track deformed and a freight train overturned at the
Yinghua Town, Shifang City. No. 109 tunnel of
Baocheng railway, which connects the Baoji City
and the Chengdu City, was damaged by a landslides
caused by the earthquake as shown in Figure 19.
A train contained airplane gasoline was getting across
the tunnel when the main shock occurring. The train
had fired and stopped the traffic of the railway a
few days.

4.2 Bridge

There were more than 400 bridges damaged by the
huge earthquake, which included simply supported
beam, steel truss, suspension and arch bridges. Some
of them were collapsed or seriously damaged in the
turn section and the rupture zones due to failure or
dislocation of the piles and foundation. The combina-
tion effect of ground surface rupture and main strong
shaking caused the damage to bridges. Figure 20
shows the damage to Xiaoyudong Bridge, which was
187 m long and operated for traffic in 1999. A few
bridges were damaged by after-shocks. Figure 21

Figure 17. Duwen highway, which connects the Dujiangyan
City and the Wenchuan County, was completely destroyed.

Figure 18. A subside with 10 m long and 3 m wide in the
G212 highway.

Figure 19. No. 109 tunnel of Baocheng railway was dam-
aged by a landslides caused by the earthquake. (From Du
Zezhong).

shows a bridge in Wenxian County, which was com-
pletely destroyed by the after-shock with magnitude
of 6.1, occurred on August 5.

4.3 Dam

The damage to dams was not serious, that could seem
to be due to the big dams were designed for a seismic
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Figure 20. Damage to the Xiaoyudong Bridge.

Figure 21. Luoxuangou Bridge, which connects the
Wenxian County of Gansu Province and the Guanyuan City
of Sichuan Province, in Wenxian County.

intensity of 8 in the quake-hit area. Zipingpu reservoir
is one of the largest reservoirs along the Mingjiang
River, which has a rock-fill dam with a concrete cover
plate, and the height of it is 156 m and length 663 m.
The hydropower plant has been working well since
the main shock occurring. Figure 22 shows a settle-
ment of 30 cm at the top the dam. Figure 23 shows
the Bikou reservoir in Wenxian County, which was
damaged slightly by the earthquake.

4.4 Power, water and gas supply

The power supply was stopped in the seriously quake-
hit area at the several beginning days of the main shock.
More than 100 transmission towers were damaged.
Some transmission towers and power substations were
found to be damaged as shown in Figure 24 and
Figure 25. Water and gas supply was not seriously
damaged during our survey. Figure 26 shows a water
supply pipe was broken after the earthquake.

Figure 22. Settlement of 30 cm at the top the dam of the
Zipingpu reservoir.

Figure 23. Damage to the Bikou reservoir in Wenxian
County.

Figure 24. A power transmission tower was damaged.
(From Xinhuanet, 2008).

4.5 Communication system

All communication with the outer world of the seri-
ously quake-hit area had been stopped a few days by
the main shock. Even in Lanzhou City, 505 km away
from the epicenter, the communication was congested
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Figure 25. A power substation was damaged in Yingxiu
Town, Wenchuan County.

Figure 26. A water supply pipe was broken after the
earthquake (From Yuan Yifan, 2008).

Figure 27. A set of communication cables was pulled
down.

in the first time and stopped about 1 hour. Figure 27
shows a set of communication cables was pulled down.

5 THE GEOTECHNICAL DISASTERS
INDUCED BY THE EARTHQUAKE

5.1 Faults rupture

The great earthquake occurred along the Longmen
fault locating at the southern part of the famous south-
north seismic belt, which has an up bound magnitude
of 7.3 for potential seismic sources on the zonation
map in China (Wang, 2008). The main ground rup-
ture is more than 200 km long through the science
survey for the earthquake organized by CEA, and the
secondary rupture is about 50 km in length. The max-
imum vertical dislocation is 6.4 m and the horizontal
dislocation 5.5 m respectively. The fault is a left lateral
thrust one, and the north-west plate uplifted during
the main shock. Figure 28 shows the spread of the
ground rupture of the earthquake. Figure 29 shows
the uplifted of a county road in Hongkou, Dujiangyan
City. Figure 30 shows a rupture crossed between two
buildings of the Bailu high school. During the sur-
vey in the quake-hit areas (see Fig. 31), it was found
that the fault rupture completely destroyed buildings

Figure 28. Spread of the ground rupture (red line) caused
by the earthquake.

Figure 29. Uplifted of a county road in Hongkou,
Dujiangyan City.

301

©2009 Taylor & Francis Group, London, UK

  

http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch31&iName=master.img-024.jpg&w=186&h=126
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch31&iName=master.img-025.jpg&w=186&h=132
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch31&iName=master.img-026.jpg&w=186&h=123
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch31&iName=master.img-027.jpg&w=168&h=136
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch31&iName=master.img-028.jpg&w=167&h=113


Figure 30. A rupture crossed between two buildings of the
Bailu high school.

Figure 31. The fault rupture crossed the Beichuan county.
(Towards to SW).

and houses within 50 m, seriously damaged within
100 m, medium damage within 150 m and kept in
good condition beyond 200 m.

5.2 Quake Lake

There were 34 Quake lakes found in the affected area,
because of rocks plugged the Qingshui River and its
branch, the Hongshi River. The largest one is the
Tangjia Mountain quake lake, which had a dam with
82.8 m in height and 220 m in length. The quake lake
could flood more than 1.3 million people lower down-
stream, including people in the Bechuan County, the
Shifang and Deyang city etc. The photos before and
after the quake lake formed are as shown in Figure 32.

5.3 Landslides, rolling rocks and mud-rock flow

Landslides, rolling rocks and mud-rock flow were the
three main types of secondary geotechnical damage.
Many places were seriously affected by huge land-
slides, slope collapses, rolling rocks and mud-rock

Figure 32. The photos before and after the quake lake
formed. (Taking time: the left, 2006-05-14, the right,
2008-05-22) (From Xie Lili, 2008).

Figure 33. More than 7000 people were buried by the huge
landslides induced by the main shock in Beichuan County.

Figure 34. Rolling rocks crashed a bus and caused 10 people
died in Wenxian County, Gansu Province.

flows after the main shock. It caused the destruction of
constructions, infrastructures, buildings and houses,
which brought a great number of deaths and injuries.
More than 7000 people were buried by huge landslides
in Beichuan County (see Fig. 33) induced by the main
shock. Figure 34 shows rolling rocks, which crashed
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Figure 35. A mud-rock flow buried a village in the Jiufeng
Mountain, Pengzhou City.

Figure 36. A liquefied site in a farmland in Wudu District,
Longnan City, Gansu Province.

a bus and caused 10 people died in Wenxian County,
Gansu Province. Figure 35 shows a mud-rock flow
buried a village in Jiufeng Mountain, Pengzhou City.

5.4 Liquefaction and settlements

There were total 38 liquefied sites found in the quake-
hit area of Sichuan and Gansu Province. Liquefaction
caused damage widely to houses, buildings, farmlands,
fish pounds, irrigation channels, underground wells,
bridges, and roads etc. It was observed that liquefac-
tion developed in sand and gravel, and some of them
were sand with medium size. Some buildings were
damaged due to liquefaction. It is unexpected that liq-
uefaction was developed in silt and gravel deposits in
the sites with low earthquake intensities. Figure 36
shows a liquefied site in a farmland in Wudu Dis-
trict, Longnan City, Gansu Province. Some seismic
settlements were found in losses regions of Gansu
Province. Figure 37 shows the seismic settlements
occurred at a farmland in Qingshui County, where the
intensity was 6.

Figure 37. Earthquake settlements occurred at a farmland
in Qingshui County, where the intensity was 6.

6 LESSONS LEARNT FROM THE GREAT
WENCHUAN EARTHQUAKE

Some lessons learnt from the earthquake were
summarized as follows: (1) The collapses of brick-
concrete buildings with precast slabs was the first
reason that caused the biggest number of deaths and
injuries by the huge earthquake. This kind of build-
ings was not built according to current seismic design.
However, most of buildings with well seismic design
and good construction quality indeed did not dam-
age even though encountering much stronger ground
motion as expected (see Fig. 38). (2) Most of the rein-
forced concrete buildings, in the seriously affected
area, had a good performance during the Earthquake,
in which the main frame did not collapse. (3) Large-
span rooms and staircases were the weak parts of
buildings, many of them collapsed. The construction
idea of ‘‘Strong columns and weak beams’’ for houses
and buildings didn’t been come true in the affected
areas. Actually, most of columns of the buildings in
the quake-hit area damaged first, instead of beams.
(4) Many bridges were collapsed or seriously dam-
aged in the turn section and the rupture zones due
to failure or dislocation of the piers and foundation.
(5) Landslides were the typical secondary disasters
caused more than 8000 people died. The new sites
for reconstruction in villages and towns should be
evaluated in terms of seismic safety. (6) The effect
of site amplification on damage was remarkable at
the sites at deep losses and the top of mountains,
which was observed in Gansu Province. The higher
the landform, the worse the quake disaster is. The
earthquake intensity at the top of mountains is about
1 degree higher than that of valleys. Figure 39 shows
the different displacements of wood columns of two
adobe-wood houses, which locate at the same moun-
tain and very close. The left house locates at the
top of mountain, and the right one at the valley,
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Figure 38. The new village in Wudu District, Longnan
City, Gansu Province.

Figure 39. Different displacements of wood columns of
two adobe-wood houses in Haoping village, Wudu District,
Longnan City.

which is about 150 meters lower than the left one.
The displacement of the left one was 5 cm, the right
1 cm. The deeper layer of losses, the more serious
the damage. The Qingyang City of Gansu Province,
where the losses layer is very deep, 669 km away from
the epicenter of the huge earthquake. However, the
damage to the city was serious. (7) It is unexpected that
liquefaction was developed in silt and gravel deposits
in the sites with low earthquake intensities.

7 CONCLUSIONS

1. The most efficient and reliable methods, which are
currently available for relieving the casualties and

loss caused by earthquake, are reasonable seismic
prevention, formal seismic design and good con-
struction quality for buildings and infrastructures.
The buildings and infrastructures designed accord-
ing to the present Chinese code for seismic design
of buildings had obviously better performance
under the effects of the Wenchuan great earthquake
than those without seismic design.

2. Among buildings with various kinds of structures,
reinforced concrete buildings had the best seis-
mic performance, and then the bottom reinforced
concrete buildings, brick-concrete buildings, the
brick-wood houses respectively and adobe-wood
houses had the worst performance.

3. Most of death toll was caused by both Collapses
of brick-concrete buildings and geotechnical dis-
asters, especially the landslides and rolling rocks
induced by the earthquake.

4. Seismic capability of houses, public infrastruc-
tures for both farmers and town citizens should be
improved in China. Sites for construction in build-
ings and houses should be evaluated in terms of
seismic safety.

5. The effect of site amplification on ground motion
was remarkable in terms of the field damage inves-
tigation.

6. The fault rupture completely destroyed most of the
buildings and houses within 50 m, seriously dam-
aged within 100 m, medium damage within 150 m
and in good shape beyond 200 m.
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ABSTRACT: The behavior of buildings in Gansu province that suffered severe structural damage during the
2008 Wenchuan Earthquake is investigated. Real analyses are described in attempt to identify the reasons of the
building damage, which are supported by scene photographs and engineering drawings. The results indicate that
seismic damage of rural buildings is very different from that of urban buildings. Generally, the construction of
rural buildings does not follow the seismic design code, which leads to serious damage even in low-intensity
seismic areas. Urban buildings, on the other hand, generally satisfy the seismic-design requirements. The
buildings designed properly survived the earthquake with light or moderate damage. Investigation shows that
severe damage of urban buildings is mostly caused by the effect of poor construction quality, improper design
and selection of construction sites. However, the ground motions and the structural responses vary dramatically
with the practical seismic intensity. The real intensity in these disaster regions lies between 6 and 9 degree,
while the design intensity is 8 degree. So the observed failures and data can be used to demonstrate whether the
current design methods could satisfy the Three-Level performance fortification target in China. At the end of
this paper, advice for seismic fortification and post-earthquake rebuilding are given.

1 INTRODUCTION

A devastating earthquake of magnitude Ms = 8.0
occurred in Wenchuan at 14:28 local time on May 12,
2008. The epicenter of main shock was located at
31.021N and 103.367E, with its focus 14 km below.
Wenchuan earthquake was the largest instrumentally
recorded event since the Tangshan earthquake on
July, 28, 1976 in China. The impact of the earth-
quake was catastrophic, and the serious damage area
reached more than 100,000 square km. It was strongly
felt in an extensive area of the whole country and
was felt as far as in Thailand, Vietnam, Philippines
and Japan. Damage from Wenchuan earthquake is
widespread with the most impact in Sichuan. Gansu
is the second affected province, which is adjacent to
Shanxi in the east and to Sichuan in the south. The
heavy disaster area, located in the south and east of
Gansu, involve 46 counties and over 600 villages. In
Gansu, the earthquake resulted in 365 deaths, more
than 7595 injuries, and more than 113,500 square km
damage area. It is very difficult to estimate the total
economical loss. The direct economical loss may be
estimated as approximately 6.2 billion USD (Wang &
Wu 2008).

After the earthquake, a joint seismic damage inves-
tigation group consisted of experts from Lanzhou
Institute of Seismology, CEA and Shanghai Jiao Tong
University. From June 3 to June 8, 2008, investigation
group visited the southern area of Gansu, includ-
ing Tianshui, Wushan, Wudu and Wenxian (Fig. 1).
Results of these in-situ investigations on structures
are presented in this paper. A description of damage
to different structural types of the existing buildings
is presented, along with explanations of the vari-
ous factors that caused it. Since seismic damage of
rural buildings is very different from that of urban
buildings, this paper introduces structure damage in
two parts: rural building damage and urban building
damage. Finally, advice for seismic fortification and
post-earthquake rebuilding are proposed.

2 INTENSITY DISTRIBUTIONS

After the earthquake, China Seismological Bureau
organized specialists to carry out macro-seismic
damage investigation in Sichuan, Gansu, Shanxi,
Chongqing, Yunnan, and Ningxia etc. The coverage
area is about 500,000 square km with 4150 investigation
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Figure 1. Intensity distribution of the Wenchuan earth-
quake. (modified from website of China Earthquake
Administration).

Table 1. Strong motion record at five stations in Gansu.

Epicentral EW NS Vertical
distance direction direction direction

Station (km) (gal) (gal) (gal)

Wenxian 249 180 180 168
Wudu 304 173 158 107
Tanchang 316 91 108 59
Minxian 400 71 45 25
Lanzhou 560 38 40 22

sites. Based on the field survey data, the map of
intensity distribution of Wenchuan earthquake was
announced on September 2, 2008 (Fig. 1). According
to the map of intensity distribution, intensity of the
investigated regions in Gansu is determined: inten-
sity of Wenxian is 7∼9 degree; intensity of Wudu
is 7∼8 degree; intensity of Wushan and Tianshui is
6 degree (Chinese standard). Moreover, Wenchuan
earthquake was recorded by several accelerographs
of the national permanent strong motion network in
Gansu, which were installed, serviced and monitored
by Lanzhou Institute of Seismology, CEA. Table 1
shows the amplitudes of three components of seismic
acceleration in several areas.

3 STRUCTURE DAMAGE

3.1 Rural building

In the rural area of Gansu, local construction materials,
such as brick, gravel or stone, are widely used for sav-
ing the construction cost. According to the combina-
tion of these materials, the rural buildings in Gansu can
be roughly distinguished into three categories (Zhang
et al., 2006):

i. Buildings with load-bearing adobe (stone, brick)
wall and wooden roof

ii. Buildings with in-fill adobe (brick) wall and load-
bearing wooden frame

iii. Masonry structure buildings

Among them, the first and second categories occu-
pied more than 80% in rural areas.

3.1.1 Buildings with load-bearing adobe (stone,
brick) wall and wooden roof

This type of rural building was generally self-built
without sound seismic design and construction. It
had the most widespread damage throughout southern
Gansu, resulting in the largest number of casual-
ties. The most common damages were: total collapse,
falling of roof, wall rupture, wall crash, building incli-
nation, separation of orthogonal walls, pulling out of
purlin and so on.

Load-bearing wall is generally constituted with
adobe brick, rammed-earth, or heaped gravel, which
has low tensile strength but heavy weight. The mortar
used in the load-bearing wall is mainly composed of
plaster and straw, which has not sufficient strength to
provide tight adherence between the bricks or gravels
when subjected to lateral loads. Besides, the buildings
are general lack of effective link between walls and
roof truss, or wall and wall. Therefore, the integrity
of this structural system is poor. Under the action
of slight seismic force, these buildings could sustain
moderate shaking without heavy damage. However,
the structural system of this building type shows very
low strength under strong seismic actions. In 8 degree
and above 8 degree area, this type building generally
sustained partial or complete collapse (Fig. 2). And
the same serious damage was found on the summit of
hills which was located in the 7 degree area (Fig. 3).

3.1.2 Buildings with in-fill adobe (brick) wall
and load-bearing wooden frame

The residential wood-frame buildings, generally con-
structed after 1980s, are often has ‘‘four beams plus
eight columns’’. Due to the fine mechanical behavior
of wood frame, this type of buildings presents good
seismic performance with better integrity and ductility.
It is noteworthy that the load-bearing wooden frame
would not collapse even with the total collapse of in-
fill walls. It is the so-called ‘‘walls collapse but struc-
tures don’t’’. The main reasons for the wall damage are
the low strength of wall material and the absence of
effective connection between walls and wooden frame.
In regions with 7 degree and 8 degree, the most com-
mon damages were: diagonal crack in the wall, wall
rupture, partial collapse of in-fill wall, and displace-
ment of wooden column base etc. And in regions with
9 degree, the most common damage were: slide of
roof, outward topple and fall of gable, falling of roof,
dislodgement of the in-fill wall, and failure of the
connection to foundation etc (Fig. 4).
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Figure 2. Stone wall collapse in Wenxian town (8 degree
zone).

Figure 3. Adobe wall collapse in Haoping village, Wudu
(7 degree zone).

3.1.3 Masonry structure buildings
Masonry structure buildings in the rural area of Gansu
were always self-built without rational design and
construction, and showed poor seismic performance.
But because of small building size, simple struc-
tural systems and regular plane-upright arrangement,
completely collapse of these non-engineered masonry
buildings was hardly found. The main damage observed
in this type of buildings was: falling of eaves or para-
pet, vertical or horizontal cracking of wall, X-shaped
crack of wall, serious deformation of window and
door, local buckling, etc. Survey shows that the most
important reasons of the damage were: deficiency of
seismic concept design and seismic fortification mea-
sures. It was observed that the buildings constructed
under the guide of Gansu Provincial Construction
Department have not been practically affected by the
seismic action. On the contrary, the buildings with-
out enough seismic provisions, such as constructional
column or ring beam, are damaged seriously.

Based on extensive post-earthquake site inspec-
tions, the main technical reasons of structural damage
in masonry structure buildings are briefly discussed
below:

(a) Partial collapse of walls 

(b) Building collapse 

Figure 4. Damage of adobe (brick) wall and wooden frame
bearing structure building in Bikou town, Wenxian (9 degree
zone).

i. Buildings lack of constructional column and ring
beam
A 2-storey masonry structure house in Bikou area,

Wenxian was investigated. Field observation shows
the damage of this house was very serious with the
falling of roof, the partial collapse of walls, separation
of orthogonal walls, and collapse of staircase (Fig. 5).
Investigation on the structure of this house shows it
only had constructional columns in the first storey
without tie bar embed between constructional col-
umn and walls. Moreover, the so-called ring beam
was discontinuous at the junction. Therefore, the
nominal constructional columns and ring beams can
not achieve the effective binding between walls and
combine the whole structure into integrity. Besides,
pitched roof truss was put directly on the wall without
effective tie.

ii. Building lack of regularity
Irregular buildings of poor design are widely con-

structed in southern Gansu. This type of buildings
generally has low load bearing capacity, especially to
the lateral loads. A 2-storey rural house of irregular
structure is shown in Fig. 6. This house was charac-
terized of a large-size overhanging and flexible roof.
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(a) Front view 

(b) Back view 

Figure 5. Heavily damaged masonry residence in Bikou
area, Wenxian (9 drgree zone).

Figure 6. Residence in Zhongmiao, Wenxian (9 degree
zone).

Therefore, the damage mainly occurred in the 2nd
storey (Fig. 6).

A three-storey masonry residential building, built
in the 1990s, was located in Qinchuan adjacent to
Wenxian. The structure has constructional columns at
the outside wall corners, continuous ring beams on
each floor, and reinforced concrete floors and roof.
But this building still suffered serious seismic dam-
age, which focused on the wall of lateral elevation
and the inner walls connected with it as shown in
Figures 7a, b. The main reasons are: (a) shape of this

building was complicated with the top floor retracted
and some outside walls removed for opening of large
entrance doors; brick column between doors (Fig. 7b)
had small section area and formed a weak location.
The earthquake action concentrates weak location eas-
ily. When the earthquake occurred, this brick column
and the inner wall connected with it were destroyed
seriously at first. Then failure of this brick column
immediately enlarged the span of upper beam and
accelerated damage of upper walls. Therefore, for the
masonry structure with complex load-bearing system
in high seismic intensity, it is not enough to reach the
earthquake resistant requirements only with general
constructional measures.

iii. Buildings with load-bearing walls made of small
hollow concrete blocks

A large number of masonry structures, with the
load-bearing walls composed of small hollow (2 holes)
concrete blocks, commonly met in the wider Wenxian
area. These buildings were damaged severely during
Wenchuan earthquake. Wide X-shaped cracks (width
of 3∼12 mm) were developed and accompanied with
the horizontal offset of the walls (Fig. 8). This dam-
age is mainly due to the misuse of non-bearing hollow
walls as load-bearing walls, the lack of core column
(or constructional column) and ring beams, poor con-
struction quality, and the deficiency of reliable joint
between roof and wall.

(a) Lateral elevation 

(b) Narrow wall between entrance doors and the inner wall 
connected with it 

Figure 7. Residence in Yaodu, Qingchuan (9 degree zone).
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(a) The deficiency of reliable joint between roof and wall 

(b) Serious damage at corner of the wal 

(c) A small hollow concrete block 

Figure 8. Residence in Xiaojia, Wenxian (9 degree zone).

3.2 Urban building

Almost all the buildings in urban area are designed
and constructed in according to seismic code. Inves-
tigation results indicated that seismic building dam-
age in urban were much lighter than that in rural. In
Gansu, majority of the urban building behaved in a
satisfactory way. Urban buildings, be designed and
constructed strictly according to seismic code, show
a good seismic behavior and could satisfy the Three-
Level performance objectivity.

However, various failures observed in urban can
be attributed rather to poor design, bad construction,
unreasonable adding storey or reconstruction and so
on. Hence, the following description of damage to
urban buildings is organized on this basis.

3.2.1 Buildings with unreasonable adding storey
or reconstruction

Wudu PC Standing Committee Building was a three-
storey (four stories partially) masonry structure. It
was built in 1980s, and added a storey of reinforced
concrete frame on the original roof in 1990s. The earth-
quake severely damaged the entire building (Fig. 9).
It was observed that the quality of masonry was
poor, the stairway had no anti-seismic strengthen
measure, and no effective joint between the adding
frame column and in-fill wall. However, unreasonable
adding storey was the main cause of serious seismic
damage. Because the original part of the structure is
masonry and the upper new adding part is frame, the
force-transferring path of the entire building was not
clear. Up to now, seismic code has not definite seismic
fortification measures to treat this complex structural
system, so it is not appropriate to be used.

Wenxian Traditional Chinese Medicine Hospital
was built in 1990s. It is a four-storey building (five
stories partially) with L-shaped plan, and it is con-
nected with staff building by an additional corridor.
Moreover, a brick house, without any anti-seismic

(a) Story-addition on the roof, X-shaped crack of exterior
wall 

(b) X-shaped crack of interior wall

Figure 9. Wudu PC Standing Committee Building
(7 degree zone).
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Figure 10. Storey-addition on the roof of Wenxian Tradi-
tional Chinese Medicine Hospital (8 degree zone).

measures, was put up on the roof. Due to the com-
plex structural systems, the building was damaged
seriously during Wenchuan earthquake. It was worth
mentioning that the added brick house nearly collapsed
with serious inclination and separation of orthogonal
walls (Fig. 10).

3.2.2 Buildings with unreasonable horizontal
and vertical arrangement

Wenxian Traditional Chinese Medicine Hospital men-
tioned in 3.2.1 has great asymmetry and irregularities
of plane and elevation, which lead to a strong torsion
response. This made the walls, far from rotation center,
damaged seriously (Fig. 11).

3.2.3 Building pounding damage
Wudu Traffic Bureau Building, constructed in 1987,
was a three-storey masonry structure. Main build-
ing was completely separated from the staircase with
a 10 mm separation gap, filled with strawboard. As
the practice intensity was 7 degree in Wudu town, it
was rather seldom to find even medium damage in
masonry buildings of this region. But the separation
gap of Wudu Traffic Bureau Building was too narrow
to accommodate the relative motions of adjacent build-
ings. Serious pounding occurred during Wenchuan
earthquake (Fig. 12). Moreover, pounding made the
damage of staircase to a greater extent than that of
main building.

Wenxian government building, a 9-storey rein-
forced concrete frame structure, was built in 1990s.
The building has two seismic joints with the width of
180 mm, which satisfied the requirement of seismic
code. In this region, real intensity and fortification
intensity are all 8 degree, and building has not been
practically affected by the seismic action. The only
damage observed was: falling of seismic joint strip
(Fig. 13), and some light horizontal cracking which
separated frame beams and masonry.

In Wenxian, a primary school’s teaching build-
ings consists of several masonry structures, which
constructed in different years. Figure 14a shows the

(a) Plane layout 

Wenxian Traditional Chi-
nese Medicine Hospital 

Staff building 

Corridor 

(b) Heavily damaged wallsfar from rotation center  

Figure 11. Wenxian Traditional Chinese Medicine Hospital
(8 degree zone).

(a) Plane layout 

(b) joint between main building and staircase 

Staircase Main building 

Figure 12. Wudu Traffic Bureau Building (7 degree zone).
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plan layout of several buildings. Among them, Build-
ing A in middle was constructed in 1987, Building B
located in left side was constructed in 1998, and build-
ing C located in right side was constructed in 2006.
Subsequently, two smaller building D and E were
constructed behind them. These buildings were built
in contact with each other closely. Exterior walls of
building A, B and C have about 500 mm separation,

Figure 13. Seismic joint of Wenxian government building
(8 degree zone).

but the roof, corridor floors and corridor sideboards
have virtually no separation (Fig. 14). Exterior walls
of building D also has no separation with the corridor
sideboards of building B and C, and the columns of
building E even embedded in the corridor sideboard
of building C. Unfortunately, very little considera-
tion was given to their separation design to preclude
pounding.

The buildings pounded at the floor level of the
adjacent buildings, and the corridor sideboard above
the pounding level collapsed. The clear pattern of dam-
age above the pounding level suggests that pounding
may have contributed to this catastrophic event.

4 SITE AMPLIFICATION EFFECT

Most buildings in the villages of Gansu were built on
the hills. The structural damage on the summit of a
hill was more severe than that on the foot of a hill.
It has been proved by plenty of macroscopic seismic
examples that seismic damage would be aggravated
due to the complicated topography in loess region.
The complicated topography includes: development
on the slope, isolated-protruding spur, and the upper
edges of the high-steep slope (namely edges of table-
land and high terrace). This research shows again that
the seismic amplification effect occurs not only along
the height of the hills, but in the hillside regions at the
same height.

(a) Plane layout 

(b) Joints between Building A and B; (c) Joints between Building C and E; (d) Damage of corridor sideboard 

Building A 

Building E 

Building C 
Building D 

Building B 

Figure 14. A primary school’s teaching buildings, in Wenxian (8 degree zone).
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(a) Haoping Village, Wudu; (b) Liujiapo village, Wudu 

Figure 15. Comparison of the seismic damage of adobe buildings in Haoping village and Liujiapo village.

(a) Haoping village, Wudu 

(b) Liujiapo village, Wudu 

Figure 16. Comparison of wooden column base dislocation
in Haoping village and liujiapo village.

Haoping village (1811 m altitude, at the summit
of hill) and Liujiapo village (1485 m altitude, in
the hillside) are located on the same hill in Wudu
County (Fig. 15). Adobe buildings and wooden frame
buildings are the main building forms in both vil-
lages. Due to the local traditional building habits,

they are all one-storey building with similar geomet-
ric size and plane layout. Therefore, it can be derived
that these adobe buildings have close natural peri-
ods, so do these wooden frame buildings. But the
same type structure suffered very different seismic
damage in two villages. Adobe buildings in Haoping
village were almost all complete collapsed. At the
same time, adobe buildings in Liujiapo village suf-
fered a less severe seismic damage presented as wall
rupture, wall crash and separation of orthogonal walls
(Figs 15a, b). Damage of wooden frame buildings in
two villages were also different, Figure 16 shows the
different dislocations of wooden column base in two
villages. As known, properties of ground motion, soil
and structure affect the damage level of structures dur-
ing an earthquake. Since the similar structure has same
soil conditions and close natural periods, influence of
ground seismic intensity on the degree of building
damage is very significant. It indicated that seismic
action on the summit of hill was much heavier than
that on the foot of hill.

Microtremors of ground were observed by the seis-
mograph. According to the analysis of collected data,
predominant frequencies of foundation are: 1.85 Hz
in Haoping village and 3.85 Hz in Liujiapo village,
respectively. It indicated that terrain has a significant
effect on the spectrum characteristics of strong ground
motion.

5 COMMENTS ON THE EXISTING SEISMIC
FORTIFICATION TECHNOLOGY

Since the establishment of Republic China, several
great earthquakes have taken place in our country.
The 1975 Haicheng earthquake, predicted success-
fully, resulted in sudden building collapse to more
than 2734 square km area of building, and the 1976
Tangshan earthquake devastated the whole Tangshan
city in ruins. Since that, high attention has been paid on
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the building seismic fortification by the government.
Based on experiences and lessons from Tangshan
earthquake, the old seismic code was significantly
modified and Code GBJ 11–89 for seismic design of
buildings was formally promulgated in 1989. Now,
the present seismic code is Code GB50011-2001 for
seismic design of buildings, which have more ductile
detailing and other improvements.

The 12 May 2008 Wenchuan earthquake has larger
earthquake intensity than Tangshan earthquake. It is
the most significant earthquake since 1949, because
of its high ground motions and strong destruction to
extensive area. According to incomplete statistics,
Wenchuan earthquake resulted in more than 80,000
casualties, more than 30 million square m collapsed
buildings, and more than 120 million square m dam-
aged buildings. The grievous loss makes people
concern and query widely to the building seismic for-
tification. But great magnitude and high intensity of
earthquake, which far exceed the level of seismic for-
tification, are the main reasons for serious earthquake
disasters in Sichuan Province with the most seismic
impact. So we should not rashly negate the exist-
ing seismic design method only due to the enormous
disasters.

Three-level Performance Fortification Objectives
and Two-Stage Seismic Design Method have been spe-
cified in seismic code since 1989(GBJ11-89 1989 &
GB50011-2001 2001). Three-level Performance For-
tification Objectives are: structure should not be dam-
aged or can continue to service when suffered to
frequently occurred earthquake lower than seismic
fortification intensity about 1.5 degree; structure may
be damaged when suffered to earthquake equivalent to
seismic fortification intensity, but can continue work
after common repair; structure should not collapse or
be damaged to seriously endanger people’s life when
suffered to rare earthquake higher than seismic fortifi-
cation intensity about 1 degree, namely, no failure for
minor earthquake, repairable for moderate earthquake
and no collapse for strong earthquake. The objectives
are implemented by the Two-Stage Seismic Design
Methods, which with the first stage of bearing capac-
ity checking computation and the second stage of
elastic-plastic deformation checking, combined with
seismic concept design of buildings and fortification
measures.

The seismic fortification intensities of the inves-
tigated regions in Gansu Province are all 8 degree,
while the real intensities are 6∼9 degrees (Table 2).
This means, investigated buildings in 7 degree areas
should not be damaged; buildings in 8 degree areas
should continue to work after repair, and investi-
gated buildings in 9 degree areas should not collapse.
Thereupon, the observed seismic damage could be
used to demonstrate whether the current design meth-
ods could satisfy the Three-Level performance forti-
fication target in China. It was found that most urban

Table 2. Real intensity in Wenchuan Earthquake and
fortification intensity in the investigated regions.

Design basic
Real Fortification acceleration of

Location intensity intensity ground motion

Tianshui 6 8 0.30 g
Wushan 6 8 0.20 g
Wudu 7, 8 8 0.20 g
Wenxian 7∼9 8 0.20 g

buildings were multistoried buildings and only a very
small part of them were high-rise buildings in these
investigated regions. Urban buildings in Wushan and
Tianshui experienced very light damages, and those
in Wudu suffered slight damages. However, urban
buildings in Wenxian developed rather more seri-
ous damages but didn’t collapse. The survey showed
that buildings with sound seismic design and con-
struction all have a well seismic behavior, and the
distributions of building damages have good agree-
ment with seismic fortification objectives. On the
other hand, serious damage and collapse occurred
in those buildings which suffered from design error,
poor construction quality, and improper selection of
the structural system. So the present seismic codes
play very important roles in disaster prevention and
reduction.

Although no collapsing with strong earthquake is
required compulsively by seismic code, only small
amount of important buildings are required to be
checked with seismic collapse calculation. Actually,
large amount of ordinary buildings achieved this pur-
pose not by collapse calculation but by seismic concept
design of buildings and seismic fortification measures.
In this earthquake, collapsed buildings mostly belong
to ordinary buildings. So how to improve the structure
performance of preventing collapse is needed to be
studied further, which puts forward new demands to
Two-Stage Seismic Design Methods.

6 CONCLUSIONS

Damages in Gansu from the Wenchuan earthquake
occurred mainly on the vast rural and mountain areas,
where buildings were mostly self-built without seismic
design. On the contrary, urban building suffered rel-
atively light damages. Through the investigation and
analysis on the building seismic damages in Gansu,
Some conclusions and advice would be drawn as
follows:

1. Code for seismic design of buildings is an impor-
tant basis to ensure the anti-seismic ability of
structures. The fortification intensity of the survey
regions are all 8 degree, while the real intensity
are 6∼9 degree. As a result, seismic damage in
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these regions could reflect the resistance capac-
ity for minor earthquake, moderate earthquake,
and strong earthquake. Investigation shows that
urban structures, designed and constructed strictly
according to Chinese seismic code, could basically
meet with Three-level Performance Fortification
Objectives.

2. It is urgent to improve the ability of building’s seis-
mic fortification in the countryside. Severe seismic
damage, such as casualties and building collapse,
almost all occurred in the countryside. China has
paid high attention on seismic fortification of urban
building and has obtained good results since Tang-
shan earthquake. But less attention is paid to the
extensive rural buildings due to the economic back-
wardness of countryside. Moreover, vast rural
buildings were self-built without sound seismic
design and construction. This grievous disaster is
an important warning for us that seismic fortifica-
tion of countryside construction should be highly
emphasized. Anti-seismic measures of rural build-
ings should be based on the local realities, and
should be the focus of seismic research. Up to now,
new-countryside construction has obtained good
results in some areas of Gansu Province. It should
be promoted to more extensive regions.

3. Study on the seismic damage and control measures
of mountain area should be enhanced. Lots of earth-
quake affected area of Gansu is located in mountain
area, whose seismic disasters were more serious
than plain area. Seismic disaster of mountainous
area is very complicated. Vast mountain landslide
and dilapidation result in more casualties and more
destroyed buildings. Seismic amplification effect,
due to mountain landform, aggravates the dam-
age of seismic. So people always underestimate the
destructive power caused by earthquake in moun-
tainous area. Therefore, seismic disaster of this area
should be highly valued and become one of the key
earthquake research fields in Gansu.

4. Important roles of seismic fortification measures
should be highly emphasized. Two-Stage Seismic
Design Method is composed of two parts: seis-
mic calculation and seismic fortification measures.
And fortification measures mainly include: site
selection, structural form selection, determination
of structure system, and details of seismic design
for increasing structure ductility. It was observed
that one of the most important reasons of the seis-
mic damage is the deficiency of seismic knowledge
and negligence of seismic fortification measures,
such as improper selection of load-bearing sys-
tems, improper setting of seismic joint, improper

setting of constructional column-beam system,
and loose tie between wall and column etc. For
large amount of ordinary buildings, seismic con-
cept design of buildings and seismic fortification
measures play a vital role to achieve Three-level
Performance Fortification Objectives. Because of
this, great attention should be paid to seismic
fortification measures.

5. It is suggested that some rural structure systems
should be abolished in high intensity region. Rural
buildings of Gansu have various forms. Among
them, buildings with load-bearing adobe wall,
in general, suffered catastrophic hazards in high
intensity region. Survey shows that almost all the
adobe buildings sustained complete collapse in the
9 degree areas. Due to the seismic amplification
effect, the same damage was found on the summit
of hills which located in the 7 degree areas. With an
inherent weakness in the structural system, adobe
building shows poor seismic performance under
strong seismic actions. So it is suggested that adobe
building should be abolished in the 8 degree and
above 8 degree regions.
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Earthquake damages of earth-wood buildings during
the Wenchuan Ms 8.0 earthquake

Rendong Qiu, Zhongxia Yuan & Qiang Wang
Lanzhou Institute of Seismology, Lanzhou, China

ABSTRACT: Based on field investigation on earthquake damages caused by Wenchuan Ms 8.0 of 12 May
2008 on low-cost earth-wood buildings, studies are carried out on feature of earthquake damage, vulnerability of
these structures. First, the earth-wood buildings are classified and their characteristics are discussed. The earth-
wood buildings in South Gansu are mainly fall into two categories: adobe structures and rammed earth structure,
with either full wood frame or wood roof. The investigation shows though these buildings commonly suffered
damages, but there are substantial differences depending on of site condition and structure characteristics.
Scenes of most buildings in a street completely collapsed, but some adobe structure buildings were remained
are not uncommon. The characteristics and the mechanism of damages for each kind of buildings are examined.
Furthermore, experiences and lessons on seismic disaster prevention and reduction are suggested the quality
management of rural buildings is emphasized.

1 INTRODUCTION

On May 12, 2008 at exactly 14:28:01, a huge earth-
quake with magnitude 8 on the Richter scale hit
Wenchuan County of the Sichuan Province in China.
The aftermath are tens of thousands of deaths and
hundreds of billions RMB in loss, making it the worst
earthquake event ever in China since the Ms 7.8 Tang-
shan Earthquake in 1976. The fault where the Great
Wenchuan Earthquake occurred is located at the south-
ern part of the south—north seismic belt in China, and
no precursor information was observed by the newly
completed China Geophysical and Geochemical Net-
work, It appeared to be a totally unexpected event that
resulted in tremendous losses of life and property and
caused huge social disruption. The major features of
this event are summarized as follows:

1. High intensity, large affected area
The event occurred in the continental block inte-
rior, and is of shallow source at around 14 km
depth. Almost all Chinese provinces are affected
by the sustained impact of the event except Jilin,
Heilongjiang and Xinjiang. More than 15 mil-
lion rooms collapsed during the earthquake. Even
weeks after the main shock, millions of people in
the affected area are still living under a continu-
ing threat that includes several potential geological
disasters.

2. Epicenter is located at the seismic belt
From the historical record, a total of eight earth-
quakes with magnitudes larger than M7 occurred
within 200 km of the epicenter of the present event,
the largest being the l933 M7.5 Diexi Earthquake
in Mao County, Sichuan Province.

3. Weak seismic safety standard of the buildings
in the remote mountain area
The buildings are vulnerable in the rural areas. The
typical buildings are built with stone masonry walls
or rammed earth, which have very low seismic
resistance in the surveyed area. The results demon-
strated a great number of buildings collapsed or
were damaged, especially near the epicenter.

4. Vulnerability of schools and hospitals
There are many observations from the field. The
first is the vulnerability of schools and hospitals.
The main shock occurred during the day on Mon-
day, and the deaths and injuries basically occurred
in crowded public places of regions, i.e., schools,
hospitals and office buildings.

5. The relief work is very difficult
The relief work is very difficult, both because of
frequent aftershocks (Zifa 2008) and mountain-
ous terrain. Bad weather and serious geological
hazards caused by the earthquake further aggra-
vated the difficulty of the relief work. Most of
the heavily-hit zones are located in the mountain,
where access is very difficult due to transportation
and communication interruptions.

2 THE DAMAGE FEATURES OF THE
EARTH-WOOD BUILDINGS
AND ITS ANALYSIS

Earth and wood are the oldest and most widely used
building materials. Around 30% of the world’s popu-
lation lives in earth-wood-made construction (Houben
and Guillard 1994). Approximately 50% of the population
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in developing countries, including the majority of the
rural population and at least 20% of the urban and
suburban population, live in earthen dwellings. This
type of construction has been used mainly by low-
income rural populations. Adobe is low-cost, in the
south-east parts of the Gansu province, where tim-
ber is more readily available, buildings made up of
wooden beams and mud are mainly used. Adobe struc-
tures are generally self-made because the construction
practice is simple and does not require additional
energy consumption. Skilled technicians (engineers
and architects) are generally not involved in this type
of construction.

In addition to its low cost and simple construc-
tion technology, earth-wood construction has other
advantages, such as excellent thermal and acoustic
properties. However, the earth are vulnerable to the
effects of natural phenomena such as the earthquakes.
Traditional earth-wood construction responds very
poorly to earthquake ground shaking, suffering serious
structural damage or collapse, and causing a signif-
icant loss of life and property. Seismic deficiencies
of the construction are caused by the heavy weight of
the structures, their low strength, and brittle behav-
ior. During strong earthquakes, due to their heavy
weight, these structures develop high levels of seismic
forces they are unable to resist, and therefore they fail
abruptly. Typical modes of failure during earthquakes
are: severe cracking and disintegration of walls, sepa-
ration of walls at the corners, and separation of roofs
from the walls, which, in most cases, leads to collapse.

A few hours after the occurrence of the Wenchuan
earthquake, the Institute of Lanzhou Seismology (Ear-
thquake Administration of Gansu Province), which
is belong to the China Earthquake Administration
(CEA), sent its first expert team to the field of south-
east Gansu province, which is affected by the event
seriously. They work on different fronts, from search
and rescue, loss estimation, and damage survey. The
author also went out to the field fifteen days after the
event, and visited most of the heavily damaged areas
in Gansu, including Kangxian, Huixian, Chengxian,
Tianshui, Wudu and Wenxian (The location of the
study area is showed in Figure. 1).

Figure 1. Location of the study area.

2.1 Typical damaged earth-wood buildings
and its photos

Figure 2. Collapsed building caused by the serious damage
of the earth walls, the walls are fragile.

Figure 3. Cracking and separation of adobe walls’ corner.

Figure 4. Roof truss collapse caused by the less lap length
of the wood roof.

Figure 5. Roof truss collapse caused by the less lap length
of the wood roof.
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Figure 6. The collapses caused by the inclination of the
wall.

Figure 7. The collapses caused by the deformation of the
building structure.

Figure 8. The crest tiles slides down from the top of the
building’s roof.

Figure 9. The collapses caused by the serious damages of
the foundation.

Figure 10. The collapses caused by the collision between
the beams and the columns.

Figure 11. Good seismic behavior for the wood structure
and bad seismic behavior for the earth wall.

2.2 Analysis for the damaged earth-wood buildings
based on three types

The earth-wood buildings are vulnerable when sub-
jected the earthquake loads. The typical buildings are
built with stone masonry walls, adobe or rammed
earth, which have very low seismic resistance in the
surveyed area. The earth-wood buildings were classi-
fied as the three types based on the bearing structure,
the wood frame bearing structure, the earth wall bear-
ing structure and the earth-wood composite bearing
structure.

2.2.1 The damaged mechanism for the wood frame
bearing structure

The wood frame bearing structure buildings have good
flexibility, and the natural period difference between
the wood frame structure and the bedrock is large, so
the structure has a good seismic resistance (Figure. 7,
Figure. 11). The connection of the wood frame is
the stress concentration and force transfer position. If
beams and columns are sufficiently strong and flexi-
ble, braced and tied together to work as units, wooden
frame structure can resist the lateral forces induced by
earthquakes. On the other hand, if beams and columns
are not strong and flexible enough, braced and tied
together not very well, the wooden frame structure
can’t resist the lateral forces (Figure. 5). For exam-
ple, Lack of proper connections between the main
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load-carrying elements of the building are some of the
major shortcomings in this type of construction. Low
strength is the other reason because do the corrosion
of the wood during a long historic time.

2.2.2 The damaged mechanism for the earth wall
bearing structure

Low strength earth-made wall buildings are weak
against earthquakes, and should be avoided in high
seismic zones (Figure. 2). The other reason for the
collapse of these buildings was caused by poor bond-
ing strength of mortar. The position of the connection
between walls and the roof is the stress concentration
position. The position may fracture when the con-
junction measures of walls and the roof are improper.
Therefore, light and well-connected roof should be
employed.

2.2.3 The damaged mechanism for the earth-wood
composite bearing structure

Although the spaces between the timber frame may
be filled with adobe, brick or simply left vacant, the
wooden skeleton of the house can stand on its own as a
self-supporting system. When occurred earthquakes,
the movement behavior of the rammed earth, adobe
walls and the wood frame is not consistent, because
of their different material stiffness. The earth-wood
connection parts are damageable during the collision
process. The collision between earth and wood is the
first reason for the wall’s crack. The crack propagation
process can lead to the damage of the building’s roof
or induced the deformation of the walls (Figure. 8,
Figure. 10).

2.3 Other reasons for the damaged earth-wood
buildings

The damage of the foundation can cause the collapse
of the earth-wood buildings. The walls’ deforma-
tion or crack caused by the damage of the founda-
tion is very serious especially in the rural mountain
area (Figure. 9). The other reason is the effect of
topography on house damage. In the investigation,
some earth-wood buildings were destroyed seriously
at the hillside or top, otherwise, some buildings are
very well after the event at the foot of mountains.

3 SUGGESTIONS

Since the brittle nature of these buildings is the major
cause for collapse of buildings and loss of lives, there
is a need to introduce remedial measures in the con-
struction of such buildings.

Suggestion 1: The horizontal bands are helpful in
tying the walls together at the junctions and also in
preventing the growth of vertical cracks and in-plane
shear cracks (Coburn and Hughes 1995 ).

Suggestion 2: The aspect of seismic hazard should
be taken into account in the early stages of the concep-
tual design of a building. The initial conceptual design
are as follows:

1. Structure should be simple, transmission of the
seismic (inertia) forces to the ground should be
direct and clear (Tolles and Kimbro 2002),

2. Torsion resistance and stiffness should be ensured
(main structural elements should be placed sym-
metrically nearby periphery of the building),

3. Structural elements should be appropriately con-
nected with floor systems or diaphragms (which
have to have sufficient in-plane stiffness),

4. Building should have adequate foundation.

Suggestion 3: Flat and firm dry site, good quality
construction, light and well-connected roof, horizontal
and vertical reinforcement.

4 CONCLUSIONS

Earth-made adobe is a low-cost, readily available
construction material manufactured by local com-
munities. The earth-wood structures are generally
self-made because the construction practice is simple
and does not require additional energy consump-
tion. Skilled technicians (engineers and architects)
are generally not involved in this type of construction.

However, adobe structures are vulnerable to the
effects of natural phenomena such as earthquakes.
Due to its low cost, earth-wood construction will con-
tinue to be used in high-risk seismic areas of the world.
Development of cost-effective building technologies
leading to improved seismic performance of earth-
wood construction is of utmost importance to the
substantial percentage of the global population that
lives in these buildings.
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Review on geotechnical hazard caused by Wenchuan 8.0 earthquake

Z.X. Yuan
Lanzhou Institute of Seismology, China Earthquake Administration, Lanzhou, China

ABSTRACT: The Wenchuan 8.0 earthquake affected a large part of mountainous Sichuan, Gansu and Shaanxi
provinces. Due to local terrain conditions, there are a huge number of disastrous geotechnical hazards which
exacerbated situations in affected area. In this paper, based on site investigation mainly in South of Gansu and its
vicinity, these geotechnical hazards are carefully analyzed to determine the main reason and typical mechanism
of them. In certain cases, laboratory tests are given as further proof. It is found that not only there is strong
ground motion during main shock of Wenchuan earthquake, but also the ground motions during aftershocks
have substantial effect. In addition, the long extension of rupture of the earthquake fault, sustained strong ground
motion caused serious safety risk for slope and ground as well. Through examination of the main factors of
geotechnical hazard, the reasons are concluded. In the end seismic risk reduction measures are also proposed.

1 INTRODUCTION

Geotechnical hazards have contributed much to
the huge damages caused by the Wenchuan 8.0 earth-
quake on May 12th, 2008. The mountainous terrain of
the earthquake affected area was the hotbed of various
type of geotechnical hazard during not only the main
shock but also the aftershocks.

With some of the extraordinary scenes, the geotech-
nical hazard has been estimated to account for 1/3 of
all death. In Beichuan, geotechnical hazard caused the
highest death rate. Nearly ten thousand lives lost and
buildings buried by landslides or smashed by falling
rocks is a common scene. It is reported that nearly
13000 site are identified with landslides and other
type of geotechnical hazard in the earthquake affected
area.

2 ABOUT THE WENCHUAN 8.0
EARTHQUAKE

The epicenter of Wenchuan earthquake located at
Yingxiu Village in Southeast of Wenchuan county.
Actually, the site borders with Dujiangyan City
(Figure 1).

Although the neighboring areas such as Songpan,
Pingwu are of high seismicity in records, the Longmen
Mountain Faults is not very active and thought to be
with modest seismic risk based on known evidences
and records, which turned out to be incomplete for
Longmen Mt. Faults with long return period.

The earthquake intensity map is given as Figure 2
(From CEA website.)

Figure 1. The epicenter and faults of Wenchuan earthquake.

Figure 2. Intensity map of Wenchuan Earthquake.

With rapture faults extends more than 300 km,
Wenchuan earthquake affected much wider area than
previous disastrous Tangshan Earthquake. Geotech-
nical hazard is found in all areas with intensity from
XI to VI.
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3 AN OVERVIEW ON GEOTECHNICAL
HAZARD

The most common geotechnical hazard is: ground fis-
sure, landslides, rockfall and ground failure. Other
types of geotechnical hazard such as seismic settle-
ment and liquefaction are also identified, but they
accounts for very small portion of earthquake damage.

3.1 Ground fissure

Except from fault raptures, ground fissures are mostly
found in slopes and level ground of soft soil. Ground
fissure is results of combined effect of strong ground
motion and low shear strength of slop or ground. With
downward potential, slopes developed fissures easily
under earthquake ground motion, especially; the top
of slop is prone to ground fissure development.

Figure 3 is ground fissure found at the slopes
North to Baishuijiang Bridge in Shazhou Village of
Qinchuan Country (In intensity IX area). The ground
fissure has maximum width of 20 cm and maxi-
mum differential height of 30 cm and extends for
approximately 300 meters. Series of ground fissures
developed in parallel on the site with South-North ori-
entation. Some of the ground fissures clearly indicate
signs of landslide development (Figure 4).

Due to strong ground motion, ground fissures
are also developed on level ground of soft/loose soil
(Figure 5). Figure 5 is in Guochuan Village of Qing-
shui County in Gansu Province, where intensity is
VI, and nearly 400 Km from nearest rapture fault in
Qingchuan County in Sichuan Province.

When ground fissure passes by a building, the con-
sequence is usually disastrous. In Figure 6 a ground
fissure passes by a building on the slope to the south
of Baishuijiang Bridge in Shazhou County of Sichuan
Province. The two storey masonry building partially
collapsed.

3.2 Landslide

Landslide is by far the most extensive distributed and
the most hazardous geotechnical hazard in Wenchuan

Figure 3. Ground fissure developed on slope.

Figure 4. Ground fissure indicates landslide development.

Figure 5. Ground fissure developed in soft soil ground.

Figure 6. Ground fissure contributing to partially collapse
of a masonry building.

earthquake. Landslide not only buried home, but also
blocked rivers and roads to result in a chain of indirect
loss and secondary hazard.

The city town of Beichuan Conty, where half of the
nearly twenty thousands urban population lost their
lives, is the most landslides stricken area.

From Figure 7 and 8, It can be found that a fairly
number of buildings were buried or crashed by large
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Figure 7. Beichuan Country before earthquake.

Figure 8. Beichuan Country after earthquake (Intensity XI).

Figure 9. Buildings in landslide debris.

scale of landslides. Figure 9 shows some of the build-
ings in debris of landslides.

The most affected area with intensity from VIII
to XI has humid weather and the terrain is mountain-
ous. Either the rocks are weathered quite badly, or there
developed a thick layer of colluvial deposit. Conse-
quentially, there is readily material and condition for
development of landslide. For this reason there is no
shortage of scenes with series of larger scale landslides
(Figure 10 and Figure 11).

A single landslides can be over one million cubic
meters in volume. Figure 12 is a huge landslide along
Dujiangyan-Wenchuan highway. It is more than 400 m
wide and more than 500 m long. The highest relative
altitude of the mountain in view is from 500–600 m.

Although the scale and frequency are of mod-
est, many landslides developed in area with intensity

Figure 10. Larger scale landslides around Zipingpu Reser-
voir in Dujiangyan of Sichuan Province (Intensity X, In front:
Miaoziping Bridge of Dujiangyan-Wenchuan Expressway).

Figure 11. Larger scale landslides in Bikou,Wenxian Coun-
try in Gansu Province (Intensity X).

Figure 12. Huge landslides along Dujiangyan-Wenchuan
highway (Intensity X).

of VI. Figure 13 is a larger loess landslide caused by
Wenchuan earthquake in Yuquan Village, Qincheng
district in Tianshui (Intensity VI, around 450 Km from
epicenter).

3.3 Rockfall

Rockfall is the geotechnical hazard second only to
landslides in term of loss of life. Hundreds or even
more than one thousands vehicles were smashed by
falling rocks along the highway, on streets and even in
backyard.

Rockfalls are mostly found in area with intensity
of IX and above and badly weathered rock slope. The
size of rockfalls is quite striking. Figure 14 is a com-
parison of size of a fallen rock with a bus. In fact,
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Figure 13. Loess landslides in area with intensity VI.

Figure 14. A comparison of size of fallen rock with a bus
(Qingchuan county, intensity IX).

Figure 15. Building damaged by rockfall in Wenchuan.

rockfall with size to that of a car are not uncommon.
Not only the strong main shock but also numerous
after shocks caused rockfalls which can be dangerous
for both building and human.

The speed of rocking is also very high. The rockfall
smashed buildings and even sometimes reached the
2nd or the third floor.

3.4 Seismic settlement and liquefaction

Seismic settlement and liquefaction are not among
major geotechnical hazard, because of the site con-
dition. But they are found in many palaces.

In site with intensity VI, seismic settlement in loose
Loess ground developed. The settlement in Figure 15
is nearly one meter. The gully is about 12 m depth from
ground.

Figure 16. Loess seismic settlement in Guochuan Village,
Qingshui county of Gansu province (Intensity VI).

Figure 17. Liquefaction in Yuanba Village in Wenxian
county.

Liquefaction is mostly found in lowland near river.
Figure 16 shows liquefaction of sand in Yuanba Village
in Wenxian county of Gansu province, where intensity
is VIII.

4 DISCUSSION

Geotechnical hazard accounts for a substantial loss in
terms of both life and property. The strong ground
motion, the mountainous terrain and badly weathered
rocks are all factors contributed to such huge geotech-
nical disasters.

However, to prevent geotechnical hazard in such
scale is economically forbidden, particular for single
family. A practical way is to build collective dwellings
with careful site selection, effective ground treatment
and measures to reduce geotechnical hazard. Some of
the current human occupancies have to be abandoned.

REFERENCES

The intensity map of Wenchuan Earthquake, http://www.cea.
gov.cn Official website of China Earthquake Administra-
tion, 2008.

Report of earthquake loss evaluation, Earthquake Adminis-
tration of Gansu Province, 2008.

L.M. Wang, Loess Soil Dynamics, 2003, Press of Seismol-
ogy, Beijing.

322

©2009 Taylor & Francis Group, London, UK

  

http://www.cea.gov.cn
http://www.cea.gov.cn
http://www.cea.gov.cn
http://www.cea.gov.cn
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch34&iName=master.img-012.jpg&w=148&h=102
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch34&iName=master.img-013.jpg&w=149&h=99
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch34&iName=master.img-014.jpg&w=162&h=99
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch34&iName=master.img-015.jpg&w=149&h=92
http://www.crcnetbase.com/action/showImage?doi=10.1201/NOE0415556149.ch34&iName=master.img-016.jpg&w=149&h=108


Application of micro tremor observation on disaster investigation in the
quake-hit area of Gansu province by the Wenchuan great earthquake

Z.J. Wu, J.J. Sun & H.Z Wang
Lanzhou Institute of Seismology, China Earthquake Administration (CEA). Lanzhou, China

A.L. Che & L.Z. Chen
Shanghai Jiao Tong University, Shanghai, China

ABSTRACT: The Wenchuan great earthquake, which measured at Ms 8.0 and Mw 7.9, occurred on May 12,
2008 in Sichuan province of China. The earthquake caused enormous death toll and economic loss in China.
Gansu province was the secondly seriously-hit region. The buildings, lifeline engineering and infrastructures were
damaged badly, and secondary disasters were serious and wide. In order to investigate the damage characteristics
and mechanism of buildings and secondary disasters induced by the earthquake, and to service reconstruction,
many field teams for disaster investigation were practiced. Our group of 12 persons, 6 from Shanghai Jiaotong
University (SJU) and 6 from Lanzhou Institute of Seismology (LIS), CEA, had investigated damage to buildings
and secondary geologic disaster in the south of Gansu Province in June, 2008. The micro tremor measurements
were surveyed at some typical ground sites and building structures. It is confirmed that the test results agree
well with the structural damages, and there are obvious amplification effects at higher ground site than that at
the lower one.

1 INTRODUCTION

The Ms 8.0 great earthquake occurred in the Wenchuan
area, Sichuan Province on May 12, 2008. It caused a
great number of death toll and huge damage to econ-
omy loss. Gansu and Shaanxi were the two provinces
suffered damage less than Sichuan Province, which
was the most seriously quake-hit area by the Earth-
quake. The epicenter is 167 km away from the southern
boundary of Gansu, 407 km away from the Tianshui
City of Gansu, 507 km away from the Lanzhou City
(the capital city of Gansu Province), and 669 km
away from the Qingyang City, the most northern
city of Gansu. The huge Earthquake affected the
whole area of Gansu Province and hit 52 counties
(districts) of 10 cities (states), in which more than
600 towns in 46 counties (districts) of 8 cities(states)
was swept severely. The whole disaster area spreads
110,000 km2, with 15,169,131 people affected, about
203,640,395 families hit, 369 deaths caused and 10171
people injured. The earthquake caused great damages
to rural houses, educational and healthy buildings, and
lifeline engineering, meanwhile, it also caused serious
secondary geotechnical disasters.

The serious quake-hit area of Gansu Province locates
in the southeast of Gansu, which is to the west of
Shaanxi, to the north of Sichuan, and locates in the
crossed area of the Qinba Mountain Area, the Qinhai-
Tibet Plateau and the Loess Plaeau. The whole area
gradually lowers from northwest to southeast, which

generates complicated landform with both mountains
and valleys.

There are three main purposes for LIS and SJU
coproceeding this investigation in Gansu earthquake
disaster region from 3 to 9 of June, 2008 as follow-
ing. Firstly, to search the characteristics and dam-
age mechanisms of the building structure after shock;
Secondly, to survey the features how the earthquake
induces geotechnical disasters; Thirdly, to recommend
a much better way serving the reconstruction after the
earthquake.

This investigation based on the prior-period of
the earthquake hazard assessment conducted by the
Gansu Earthquake Administration. We selected typ-
ical towns, buildings and secondary geotechnical
disaster region as key investigated objects. The sec-
ondary geotechnical disasters investigation concludes
rock types, damage characteristics and mechanism
analysis, micro tremor observation, and taking photos.

The building investigation covered rural and urban
buildings of the downtown in Tianshui City and the
Wushan County, the Wudu district and Wen County of
the Longnan City, and buildings of the Yaodu town in
Qingchuan County of Sichuan Province as well. The
methods in buildings investigation includes struc-
ture types, damage-suffering characteristics, micro
tremor observation in ground soil and structures, and
photos taken for damage features. The geotechnical
disasters investigation includes landslides, collapses,
rolling rocks along the G212 Highway connecting the
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Figure 1. Investigation route.

Wenxian County of Gansu and the Qingchuan County
of Sichuan, along the road between the Wen County
and Jiuzhaigou County of Sichuan, and the landslide
in the Wushan County, Gansu Province. Fig. 1 shows
the investigation route.

2 MICRO TREMOR MEASUREMENTS

It is well known that the micro tremor observation
is one of the most convenient methods to investigate
the dynamic characteristics of the surface ground and
structure. The micro tremor is a kind of geophysics
prospecting and drilling information, which is of abun-
dant intention such as the information of soil site and
engineering geological condition and so on. The fre-
quency characteristics of micro tremor can be obtained
by a spectral analysis of its signals, which can be
used to probe into dynamical characteristics of the
structure and/or the soil of measuring area (Che, 2006,
Guo, 1999, Jiang, 1997, Peng, 2000, Xia, 2001).
The observed signals are analyzed by the fast Fourier
transform method (FFT).

2.1 Measuring equipment and data acquiring

The measuring equipment is a kind of handy seis-
mometer (SPC-35F: VSE-15D velocity seismometer,
distinguishability 16Bit, made by Vibration-Measuring
Corporation of Tokyo, Japan). The frequency of the
detector ranges is between 0 Hz and 70 Hz. Table 1 lists
the main measuring parameters of the micro tremor
equipment.

While investigating, the disturbing of people and
energy source should be avoided and the ground sites
should be as flat as possible. The records of the
horizontal and vertical components of short-period
micro tremors are obtained using a three components

Table 1. Parameters of the micromotion instrument.

Model Seismograph portable(SPC-35F:
VSE-15D model velocity
instrument)

Vibration Velocity:100 m kine and 10 m kine,
measurement resolution 10 μ kine,frequent

range 0.1∼70 Hz
Acceleration:10 gal and 100 gal;

frequent range 0.1∼70 Hz
Displacement:100 μ m and

10 μ m;frequent range 0.1∼70 Hz
Frequency 1000 Hz, 500 Hz, 200 Hz, 100 Hz,

50 Hz, 20 Hz, 10 Hz, 5 Hz, 1 Hz

 (a) Haoping village, Wudu District, Longnan City

(b) Liujiapo village, Wudu District, Longnan City  

(c) Jiuzhaigou County, Sichuan Province 

Figure 2. Three ground sites of observation.
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high-sensitive seismometer, which has a natural period
in one second. The device measures two horizontal
components (EW and NS) and a vertical one (UD)
for ground micro tremor, two horizontal components
(long axis and shot axis) and a vertical one (UD) for
building micro tremor, respectively. It is designed to
record at a sampling rate of 100 Hz for 5 minutes, and
a total of 30000 measurements are recorded.

2.2 Micro tremor measurements for ground site

The micro tremor measurements spots of ground sites
in the survey are listed as follows, the Haoping Vil-
lage, Wudu District, Longnan City (N 33◦26.57,
E 104◦58.92; elevation, 1811 m) and Liujiapo Vil-
lage (N 33◦27.18, E 104◦58.47; elevation, 1485 m),
which locates at the hillside of the same mountain
with Haoping Village, and landslide in Jiuzhaigou
County, Sichuan Province (N 33◦26.57, E 104◦58.92;
elevation, 1811 m). (See Fig. 2)

2.3 Micro tremor measurements for structures

The micro tremor measurements spots of structures in
the survey are listed as follows, the buildings of the
People’s Congress of Wudu District (four-floor brick-
concrete building), the Transportation Bureau (three-
floor brick-concrete building), and the Government of
Wudu District (six-floor reinforced concrete building)
(See Fig. 3). Fig. 4 shows the sample of selected data.

3 ANALYSIS FOR MICRO TREMOR
OF GROUND SITES

3.1 Proceeding methods of measurements

As Fig. 5 shows, the analyzing method for the micro
tremor observation data is called the fast Fourier trans-
form (FFT). The frequency characteristics of micro
tremor can be obtained by a spectral analysis of its
signals, which can be used to probe into dynami-
cal characteristics of the structure and/or the soil of
measuring area. The observed signals are analyzed
by FFT method. The potential noise sources such
as machinery, vehicles traffic or pedestrians, near the
seismometer are avoided during the measurement time
of 5 minutes. And from the recorded data of micro
tremor measurements, five sets of 2048 digital data at
lower noise periods are selected to use for FFT anal-
ysis. The velocity Fourier amplitude spectra, spectra
ratio and relative variation amplitude are computed.

3.2 Predominant frequencies determination
of ground sites

3.2.1 Analyzing Methods
The main purpose of investigating the ground by micro
tremor observation is to obtain the amplitude of micro

(a) Observation sites at the  People’s Congress 
of the Wudu District (the top one is at the
ground floor, and lower the third floor)  

(b) Observation sites at the  Transportation 
Bureau of Wudu District (the top one is at the
ground floor, and lower  the second floor)
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(c) Observation sites at the building of the 
Government of the Wudu District (the top one is
at the ground floor, and lower the fifth floor)

Figure 3. Three observation sites for structures.

Table 2. Predominant frequency of each observation site.

Haoping Liujiapo
observation village, Wudu village, Wudu Jiuzhaigou
point county county langslides

Predominant
frequency (Hz) 1.86 3.81 3.22

tremor and the predominant frequency. One of the
popular method nowadays is the Nakamura Method
(H/V).

The Nakamura Method refers to obtain tri-
component Fourier frequency spectra, to divided the
2 horizontal components(NS, EW) by the vertical
component(UD), and get the transfer function of the
ground and the predominant frequency. The advan-
tage of this method lies in simply and quickly solving
the problem.

3.2.2 Analyzing results
Fig. 6 shows the analyzing results by H/V. Mostly
H/V obtain many peak amplitudes, and every ampli-
tude is not predominant due to the loud environmental
noises and close velocities of shear waves between soil
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layers testified. Tab. 2 lists the predominant frequen-
cies of the observation spots.

As we can see from the testing results of the predom-
inant frequencies, the result of Haoping Village, which
is on the top of the mountain, is about 1.86 Hz, while
Liujiapo Village, locates at the same mountain 300 m
below, and the landslide in the Jiuzhaigou County, is
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Figure 6. Nakamura method (H/V) analysis results.

3.81 Hz and 3.22 Hz respectively. In this case, the
preliminary conclusion may be that the ground of the
Haoping Village is mainly relatively loosening accu-
mulative soil layer, which may enlarge the earthquake
effect obviously.

4 ANALYSIS FOR MICRO TREMOR
OF STRUCTURES

4.1 Predominant frequencies determination
of the structure

The detector was set horizontally on the top and
ground floor of the building for obtaining the micro
tremor signals along long-axis, short-axis and vertical-
axis respectively. Fig. 7 shows the frequency spectra

of micro tremor of top and ground floor in every
building. Fig. 8 shows the predominant frequencies of
the three buildings in three components (two horizon-
tal and one vertical).

As show in Fig. 7 and Fig. 8, the 1, 2, 3 order char-
acteristic value of the building can be obtained through
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(b) Mode of two vibrations                      
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The People s Congress
of the Wudu District
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Wudu District

Figure 9. Dynamic response mode of bottom and long axis,
short axis of top structure(the red is the People’s Congress of
Wudu, the black is the Transportation Bureau of Wudu and
the green is the Government of Wudu).

the micro tremor observation. At the building of the
People’s Congress of Wudu District, the natural fre-
quencies in 1, 2, 3 order are 1.95 Hz, 3.8 Hz, and 7.8 Hz
respectively, while the results in 1, 2 order of buildings
of the Transportation Bureau and the Government are
3.6 Hz, 7.0 Hz , and 2.3 Hz, 3.3 Hz respectively.

4.2 The determination of dynamic response modal

Fig. 9 shows the dynamic response modal along both
long axis and short axis on the top and ground floor
of the three structures. According to the analysis of
the testing results, the first and second order of the
vibration modal are obtained, so that we can conclude
the first order modal response along the long-axis
is more obvious than that along the short-axis. The
responses for the first and second order modal of the
three buildings decrease progressively as follows,
the People’s Congress, the Transportation Bureau,
and then the Government of Wudu District, which is
consistent with the real damage to the buildings caused
by the great earthquake.

The building of the People’s Congress of the Wudu
District, which was build in the 1980’s, it was a
3-floor brick-concrete structure, and was damaged
seriously by the main shock. According to our sur-
vey, it was poor in the construction quality at the
wall, strengthened measures of the staircases, and the
connection between walls and pillars. And the build-
ing was removed later. The Transportation Bureau
is a 3-floor brick-concrete building built in 1987,
the main body and staircases were two separated
parts, but there was no aseismatic joint between two
parts. They crashed seriously and damaged during the
quake. The Government building is a 6-floor rein-
forced concrete building. The building only caused
slightly damage.

5 CONCLUSIONS

1. The predominant frequencies of the Haoping
Village and Liujiapo Village, which locate at the
same mountain with an altitude difference in 326 m,
are 1.86 Hz and 3.891 Hz respectively. The soil
layer of the ground in the Haoping Village is a
mainly relatively loosening accumulative layer,
which the effect on earthquake amplification may
be more obviously.

2. At the building of the People’s Congress of Wudu
District, the natural frequencies in 1, 2, 3 order are
1.95 Hz, 3.8 Hz, and 7.8 Hz respectively, while the
results in 1, 2 order of buildings of the Transporta-
tion Bureau and the Government are 3.6 Hz, 7.0 Hz,
and 2.3 Hz, 3.3 Hz respectively.

3. The responses for the first and second order modal
of the three buildings decrease progressively as fol-
lowing, the People’s Congress, the Transportation
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Bureau, and then the Government of Wudu
District, which is consistent with the real damage
to the buidings caused by the great earthquake.
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Application of micro tremor observation on investigation of geological
hazard induced by the great Wenchuan earthquake in Sichuan province

A.L. Che, J.H. Qi & X.P. Wu
School of Naval Architecture, Ocean and Civil Engineering, Shanghai Jiaotong University, China

T. Iwatate, M. Yoshimine, Y. Oda, Q.W. Ma & F. Zhang
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Z.J. Wu
Lanzhou Institute of Seismology, Chinese Earthquake Administration, Lanzhou, China

ABSTRACT: The Wenchuan great earthquake, which measured at Ms 8.0 and Mw 7.9, occurred on May 12,
2008 in Sichuan Province, China. The earthquake caused enormous death toll and economic loss in China. The
Sichuan Province was the most seriously quake-hit region. The buildings, lifeline engineering and infrastructures
were damaged badly, and secondary disasters were serious and wide. An effective ground investigation method
was required to provide information for hazard investigation and post-earthquake reconstruction. In order to
investigate the damage characteristics and mechanism of secondary disasters induced by the great earthquake,
and to service reconstruction, many field teams for disaster investigation were practiced. Our group of 12 persons,
5 from Shanghai Jiaotong University (SJU) and 7 from Tokyo Metropolitan University, had investigated damage
to buildings and secondary geologic disaster in the north of the Sichuan Province in July, 2008. The micro tremor
measurements were surveyed at some typical ground sites including landslide and Longmen mountain fault as
well. It is confirmed that the test results are useful for the geological hazard investigation.

1 INTRODUCTION

On May 12 of 2008, the Wenchuan Ms 8.0 earthquake
occurred along the Longmen mountain tectonic belt,
which locates at the eastern margin of the Qinghai-
Tibet Plateau in Sichuan Province and has an up bound
magnitude of 7.3 for potential seismic sources on
the zonation map in China. The thrust-dextral slip
of Beichuan-Yingxiu fault, which is one of the three
sub-faults of the Longmen belt, led to the Wenchuan
Ms 8.0 earthquake. The depth of epicenter is 14 km.
The earthquake caused great damages to rural houses,
educational and healthy buildings, and lifeline engi-
neering, and it also caused serious secondary geotech-
nical disasters. The Sichuan Province suffered great
damages, especially, the super-strong ground motion
caused surface cracking directly and secondary geo-
logical hazards (such as landslides, landslips and
rolling stones) destroyed the civic structures.

The field investigation and survey was preceded
in the quake-hit region along the Longmen belt, in
the Sichuan Province, from 4 to 7 of August, 2008,
to survey the features how the earthquake induced
geotechnical disasters, and tried to recommend a
better way serving the reconstruction after the earth-
quake occurred. We selected typical towns, buildings

and secondary geotechnical disaster regions as key
investigated objects along the Longmen mountain
fault. The secondary geotechnical disasters investiga-
tion concluded damage characteristics and mechanism
analysis, micro tremor observation, and taking photos
as well. Fig. 1 shows the investigation sites along the
Longmen fault.

Figure 1. Investigation sites.
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The micro tremor is one of the most convenient
methods to investigate the dynamic characteristics of
the surface ground (Yamanaka, et al., 1996). The
method has been widely used in the recent years
for there low cost, easy operation, also, it gives the
dynamic property of the ground, i.e. the predomi-
nant frequency ( f ), which is used as a parameter
in the field of geotechnical earthquake engineering.
We applied the micro tremor survey for geological
hazard investigation where the great Wenchuan Earth-
quake occurred. The micro tremor was conducted in
landslides of the Qingchuan County and faults in the
Xiaoyudong Town for geological hazard. Fig. 1 shows
the investigation sites of micro tremor that we surveyed
in the quake-hit area in the Sichuan Province. We ana-
lyzed the dispersion of the recorded data and then
estimated the predominant frequency of the ground
by FFT method. All of these have provided a more
dependable basis for serving the reconstruction after
the earthquake.

2 GEOLOGICAL HAZARDS INVESTIGATION
IN RESEARCH AREA

2.1 The Qingchuan County and landslides

The Qingchuan County locates at the northern end of
the Yingxiu-Beichuan fault, which occupies 150 km
length in the County. There are two seismic belts
throughout the county, the bigger one is from Yingxiu
Town to Qingchuan County, and the smaller one is at
north side of this seismic belt. The highest elevation
of the county is 3837 m, and more than 90% of the
land is steep cliffs.

The earthquake intensity, caused by the main shock,
in the Qingchuan County was IX (Chinese intensity
scale), and it suffered thousands of aftershocks, the
biggest one with a magnitude of Ms 6.4 occurred in
16:21, May 25. A large number of geological disasters
such as landslides, landslips, rolling stones, and mud-
rock flow and quake lakes occurred in the county, at
the same time, groundwater was also faced with the
potential of contamination. Figure 2 shows the land-
slides and Quakde Lake formed by landslide-induced
reservoirs along the Qinzu River and the Hongguang
River.

2.2 The Longmen Mountain belt and the rupture
in the Xiaoyudong Town

The Longmen fault is composed by three sub-faults,
which are the Guanxian-Jiangyou fault, Yingxiu-
Beichuan fault and Wenchuan-Maoxian fault. The
Longmen fault continuously endures pressure from
both the Pacific Plate and the Indian Plate, which
implies that the area has a high level of seismicity.
In 1933, a magnitude 7.5 earthquake occurred in

Figure 2. Land slides and quake lake along the Qinzu River
and the Hongguang River.

(a)The standing brick-concrete building near the rupture

(b)The brick-concrete building was sheared to damage at the
first floor near the rupture

Figure 3. Surface rupture in the Xiaoyudong town and the
damages to the buildings.
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the same area at a place called Diexi. In 1976, two
earthquakes, both with magnitudes of 7.2, occurred
in the Songpan area within one week, resulting in a
death toll of over 800 (Wang, 2008).

The fault where the great earthquake occurred is
located at the southern part of the Yingxiu-Beichuan
fault.

Near the Xiaoyudong Town of Pengzhou City (see
Fig. 1), there was a NW trending surface rupture zone
with 6 km length and 5 to 20 m width. It was mainly
composed of bend-slip fold in the surface, and showed
a SW to NE thrusting and strong left-rotated mecha-
nism. Along the rupture zone, there was generally a
1 to 2 m vertical dislocation and 1 to 3 m left-rotated
horizontal dislocation, which showed that the amount
of left-rotated horizontal dislocation was equal to or
slightly larger than the amount of vertical disloca-
tion. Seismic fault dislocated riverbed, terraces, roads,
buildings and so on, formed continuous extension of
the fault scarp and accompanied by left-rotated dis-
placement. Figure 3 shows the surface rupture in the
Xiaoyudong Town and the damages to the buildings.

3 FIELD OBSERVATIONS

It is well known that the micro tremor observation
is one of the most convenient methods to investigate
the dynamic characteristics of the surface ground and
structure. And it is a kind of geophysics prospecting,
in a degree it may provides drilling information, which
is of abundant intention such as the information of soil
site and engineering geological condition and so on.
The frequency characteristics of micro tremor can be
obtained by a spectral analysis of its signals, which can
be used to probe into dynamical characteristics of the
soil of measuring area (Che, 2006; Guo, 1999; Jiang,
1997; Peng, 2000; Xia, 2001). The observed signals
are analyzed by the fast Fourier transform method
(FFT).

At the research area, the micro tremor observation
was conducted at the landslide of the Qingchuan City
the axis of the dam, which total length is about 12 km.
The data are acquired on a 23 m survey line with a
receiver interval of 1 m for each measurement point,
and the interval of measurement points is 100 m. So the
total numbers of measurements are about 120 (Fig. 2).
and surface rupture zone in the Xiaoyudong Town.

3.1 Measuring equipment and data acquiring

The measuring equipment is a kind of handy seis-
mometer (SPC-35F: VSE-15D velocity seismometer,
distinguish ability 16Bit, made by Vibration-Measuring
Corporation of Tokyo, Japan). The frequency of the
detector ranges is between 0 Hz and 70 Hz. Table 1 lists
the main measuring parameters of the micro tremor
equipment.

While investigating, the disturbing of people and
energy source should be avoided and the ground sites
should be as flat as possible. The records of the hori-
zontal and vertical components of short-period micro
tremors are obtained using a three components high-
sensitive seismometer, which has a natural period in
one second. The device measures two horizontal com-
ponents (EW and NS) and a vertical one (UD) for
micro tremor respectively. It is designed to record at a
sampling rate of 100 Hz for 5 minutes, and a total of
30000 measurements are recorded.

3.2 Micro tremor observations in the Qingchuan
County

The micro tremor observations spots of ground sites
in the survey was conducted at the landslides site sur-
rounding the Qinzu river and the Hongguang river,
and the landslides induced quake lake as well. The
data were acquired through two survey lines with a 30◦
angle, which were A-line with 5 observation points and
B-line with 7 points, and the interval of measurement
points was 10 m. The total numbers of measurements
were 12. Fig. 4 shows the location of the two survey
lines.

Table 1. Parameters of the Micro tremor instrument.

Model Seismograph portable
(SPC-35F: VSE-15D model
velocity instrument)

Vibration Velocity: 100 m kine and
measurement 10 m kine, resolution 10 μ kine,

frequent range 0.1∼70 Hz
Acceleration: 10 gal and 100 gal;

frequent range 0.1∼70 Hz
Displacement: 100 μm and

10 μm; frequent range 0.1∼70 Hz

Frequency 1000 Hz, 500 Hz, 200 Hz, 100 Hz, 50 Hz,
20 Hz, 10 Hz, 5 Hz, 1 Hz

Figure 4. Measurement points in Qingchuan County.
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Figure 5. Measurement lines in the Xiaoyudong Town.

3.3 Micro tremor observations in the Xiaoyudong
Town

The micro tremor observation spots of ground sites
in the survey were conducted at the fault zone in the
Xiaoyudong Town. The data were acquired by two par-
allel survey lines which were normal to the fault. There
were a A-line with 9 points and a B-line with 10 points,
and the interval of measurement points is 10 m as well,
the total numbers of measurements are 19. Fig. 5 shows
A-line and B-line in the Xiaoyudong Town.

4 ANALYSES AND RESULTS

4.1 Proceeding methods of measurements

As shown in Fig. 6, the analyzing method for the micro
tremor observation data is called the fast Fourier trans-
form (FFT). The frequency characteristics of micro
tremor can be obtained by a spectral analysis of its
signals, which can be used to probe into dynami-
cal characteristics of the structure and/or the soil of
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Figure 6. Procedure of the Fast Fourier transforms analysis.

measuring area. The observed signals are analyzed
by FFT method. The potential noise sources such
as machinery, vehicles traffic or pedestrians, near the
seismometer are avoided during the measurement time
of 5 minutes. And from the recorded data of micro
tremor measurements, five sets of 2048 digital data at
lower noise periods are selected to use for FFT anal-
ysis. The velocity Fourier amplitude spectra, spectra
ratio and relative variation amplitude are computed.

4.2 Predominant frequencies determination
of ground sites

4.2.1 Analyzing methods
The main purpose of investigating on ground by
micro tremor observation is to obtain the amplitude
of micro tremor and the predominant frequency. One
of the popular methods nowadays is the Nakamura
Method (H/V).

The Nakamura Method refers to obtain tricom-
ponent Fourier frequency spectra, to divide the 2
horizontal components (NS, EW) by the vertical com-
ponent (UD), and get the transfer function of the
ground and the predominant frequency. The advan-
tage of this method lies on simply and quickly solving
the problem.

4.2.2 Analyzing results in the Qingchuan County
Fig. 7 shows the analyzing results of suvey line-B for
landslides, in the Qingchuan County, by the Naka-
mura Method (H/V). The predominant frequency of
the ground shows obvious peak amplitudes, it is 3.9 Hz
in the observation spot. It can be considered that the
soil layer is overburden by the landslide, and the pre-
dominant frequencies are the dynamic characteristic
of the overburden.

Figure 8 shows the predominant frequencies along
the observed directions. The total observed length is
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3.9 Hz 

Figure 7. An example of Nakamura method (H/V) analy-
sis results (Line-B) (The blue thick line indicates arithmetic
average of the other five Fouris spectrums).
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Figure 8. Predominant frequencies along the observed
directions.

60 m, and the predominant frequencies of both Line-A
and Line-B are 2.6 Hz∼4.7 Hz. It is well known that
the predominant frequencies are related to the thick-
ness of the overburden, therefore the changing of the
predominant frequencies of the site also shows the
trending of the thickness of the overburden.

4.2.3 Analyzing results in the Xiaoyudong Town
Fig. 9 shows the analyzing results by H/V. Mostly,
H/V obtain unobvious peak amplitudes, and the ampli-
tude is not predominant due to the loud environmental
noises and close velocities of shear waves between
soil layers testified. Figure 10 shows the predominant
frequencies along the observed directions. The total
observed length is 90 m, and the predominant frequen-
cies of both Line-A and Line-B are 0.9 Hz∼3.9 Hz,
and it is a sudden change in both Line-A and Line-B
when the fault is across. The predominant frequencies
of the observation spots, which was normal to the fault
in the Xiaoyudong Town, show a converse response,
which agree with the trend of fault well.
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Figure 9. Nakamura method (H/V) analysis results
(Line-A) (The blue thick line indicates arithmetic average
of the other five Fouris spectrums).
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5 CONCLUSIONS

The predominant frequencies of the ground were cal-
culated from the observed survey, and the relationship
between the results and the hazard investigations was
estimated. To study the application of the method on
geological hazard investigation, a series of field exper-
iments and analyses were carried out. The main results
are as follows.

1. The predominant frequencies of the landslide in the
Qingchuan City show obvious peak amplitudes, it
can be considered that the soil layer is overburden
by the landslide and the predominant frequencies
are the dynamic characteristic of the overburden.

The total observed length is 60 m, and the pre-
dominant frequencies of both Line-A and Line-B
are 2.6 Hz∼4.7 Hz. It is well known that the pre-
dominant frequencies are related to the thickness
of the overburden, therefore the changing of the
predominant frequencies of the site also shows the
trending of the thickness of the overburden.
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2. The predominant frequencies of the spots along
the survey lines, which were normal to the rupture
in Xiaoyudong city, show sudden change in both
Line-A and Line-B when the fault is across. The
converse response well agrees with the trend of
fault.
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Perspectives in geotechnics for vastly strong earthquake shaking

K. Ishihara
Chuo University, Tokyo, Japan

Over the last 30 years, there have been remarkable
progresses in sophistication of instruments and
strengthening of observation network for recording
strong motions during earthquakes. In Japan there is
a network of stations called K-Net consisting of about
1000 high-precision recorders placed on the ground
surface with a spacing of 25 km × 25 km throughout
the country. Another set of recording stations called
KiK-net has also been established in which about 700
sites are installed with instruments both on the ground
surface and on the bed rocks. Thus, the coverage of
areas was widen and precision improved greatly to
capture motions throughout the country during any
scale of earthquakes.

As a consequence, the magnitude of recorded accel-
erations has increased remarkably year after year, as
demonstrated in Fig. 1. At the time of the Tokachi-Oki
earthquake in 1968, the peak horizontal ground accel-
eration recorded was 225 gal in the port of Hachinohe
north of Japan, but it jumped up to a value of 891 gal
at the time of the 1995 Kobe earthquake. Since then,
the network of recording stations were strengthened
and at the time of the most recent earthquake in 2008,
the peak recorded acceleration reached a value as high
as 4022 gal in combined 3-D absolute peak acceler-
ation. Since earthquakes are natural phenomena, it
seems unlikely that the intensity of motion itself has
in fact increased so dramatically, particularly in recent
times. The strong motions must have occurred in long
geological past. However, once they are recorded, it is
not permissible to ignore them. From the engineering
point of view, the increase in the recorded motions is to
be recognized as an advent of a strong demand dictat-
ing that the design for structures and facilities be corre-
spondingly made to cope with such an increased level
of seismicity. Thus, engineers are confronted with new
challenges as to how to come up with effective and
still economically feasible concepts and procedures.

Shown in Table 1 are the evolutions with time
regarding capacity evaluation in terms of design con-
cepts and methods of analysis in response to the
increasing demand.

In the design and practice of nuclear power facilities,
the accelerations for input motions had been set at
a high value from the early period and equivalent
linear analysis procedures have been used. The major

Figure 1. Increasing trend of recorded horizontal accelera-
tions during recent earthquakes in Japan.

Table 1. Evolution in demand versus capacity in the seismic
design.

efforts being undertaken in Japan for the nuclear facil-
ities after the 2007 October earthquake is further
strengthening of the ground surrounding foundations
and water-intake facilities.

In the field of structural engineering, the psudo-
static method was employed until around 1970, but
linear analysis procedure using computer codes has
become a common practice. This was followed by the
non-linear analysis from early 1980. On the other hand,
theory and practice was developed for the structural
control and vibration isolation from around 1980s.
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Although this technique is an outgrowth from gen-
eral demand to reduce the damage, it is also viewed as
being of additional help to cope with the very strong
shaking during earthquakes.

In the area of geotechnical engineering, psudo-
static analysis has long been used to evaluate levels of
safety of embankments and dams against an external
force due to seismic shaking. Subsequently equivalent
linear analysis procedure had been developed and,
used for instance, for assessing local amplification
characteristics of soil deposits and also for evaluating
deformations developed in earth structures. With the
evolution of the constitutive laws characterizing soil
deformations, response analysis procedures based on
effective stress principle has been developed and put
into practical use. This method consists in evaluating
gradually decreasing effective confining stress and
reflecting it on the decrease in stiffness and strength
as seismic excitation proceeds with time. Thus, this
method is considered to reflect actual situations more
precisely in which large acceleration is suppressed
by softening of soils, but accompanied in turn with
large deformations. The development of response
analysis based on the effective stress principle has
provided new concepts and means for the advances
of design methodologies based on large and resid-
ual deformations. With these tools, what is called
the performance-based design was vastly enhanced,
as indicated in Table 1. The large acceleration corre-
sponding to a large shear stress supposedly in excess
of strength will make soils deformed largely and
the criteria for specifying an allowable deformation
will become a major yardstick for the design of soil
deposits and earth structures subjected to an intense
shaking during earthquakes.

Another countermeasure to reduce the risk of dam-
age due to soil failure would be to prepare local
zoning maps as indicated in Table 1 and to enhance
preparedness amongst residents for possible distress
caused by soil failures. Efforts are being made in this
direction by local governments in Japan to reduce risk
of damage by large earthquakes.

Consequences of strong shaking during earthquakes
to instability of the ground have been recognized
widely as liquefaction of saturated sands and ensu-
ing flow failure and settlements. However, there have

been other types of damage in recent earthquakes
which have not been properly addressed. The follow-
ing is just examples of such new problem areas.

The occurrence of significant settlements of the
ground composed of well-compacted partly saturated
silty sand fills has never been identified and reported
in the literature. In the premise of the nuclear power
station in Kashiwazaki, the settlement of the order
of 30–50 cm did actually take place, at the time of
the Niigata Chuetsu-Oki Earthquake of 2007.7.16,
accompanied by local distortions or offsets on the
ground surface. This appears to have accrued as a
result of extraordinarily strong shaking of the order of
1,000 gals in acceleration, inducing a peak cyclic stress
ratio of 0.8–0.9 in dynamic loading. Thus, even partly
saturated soils developed settlements. The behaviour
of partly saturated soils subjected to intense cyclic
loads seems to be a new subject area.

The depression developed in the vicinity of vertical
walls of the buildings in the nuclear power station sug-
gested that there might have been gradual clogging of
the openings by surrounding soils during the repetition
of shaking, which must have conduced to an increase
in earth pressure on the wall. This phenomenon may be
cited as ratcheting action. There was another place in
the area of equally strong shaking where the sea walls
were damaged due to the increased horizontal thrust
which might have resulted from the ratcheting phe-
nomenon. It may thus be mentioned that the ratcheting
soil movement around the wall could lead to a greatly
increased earth pressure which would not be able to be
explained by the conventional concept. Thus, a new
challenge will crop up regarding earth pressure eval-
uation induced by strong shaking during earthquakes.
There are other problems which will be manifested by
large earthquakes in future. Geotechnical engineers
are requested to keep an eye to ground-associated dam-
age in any earthquakes in future. Capturing novel items
of problems and addressing them properly should be
taken as responsibilities of those involved in geotech-
nical works related to earthquakes.
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Seismic behaviour of geotechnical structures—Past, present and future

Pedro S. Sêco e Pinto
Laboratório Nacional de Engenharia Civil, Lisbon, Portugal

ABSTRACT: This paper begins with the background of earthquake geotechnical engineering history divided
in 4 periods. The performance based seismic design is addressed and after a brief introduction to earthquake
hazard the topics slope stability, potentially liquefiable soils, earth retaining structures, soil-structure interaction,
embankment dams, underground structures, solid waste landfills are discussed. The topics that deserve more
consideration and can be considered new challenges are pointed out. Finally my vision and lessons for tomorrow
are presented.

I am very busy
I have already begun with my survey
And I began to write my next error.

Bertolt Brecht

1 INTRODUCTION

When I was invited to prepare this paper for the
Special Plenary Session by Honorable Experts on
Future Directions of PBD I felt very honoured, but
soon became worried and still remain so, because I
am not sure what is expected. Due to space limita-
tions I will remain general and in the First Part a brief
background of earthquake geotechnical engineering
history will be given. In the Second Part I will try
to highlight the current Performance Based Design
situation. In the Third Part I will address the new chal-
lenges that we are facing and in the Fourth Part I will
give my personal vision.

2 BACKGROUND OF EARTHQUAKE
GEOTECHNICAL ENGINEERING HISTORY

Pre-Historic (before 1940)—This period was charac-
terized by the development of historical earthquakes
and Paleoseismicity, the use of empirical methods,
the knowledge was primary and parcelled. The mea-
surement of the destructiveness of the earthquake
was based in human reaction and observed damage
and use of Mercalli scale. Investigation of the earth-
quake induced damage due to Great San Francisco
earthquake (1906) was performed by Sano (1916).
In the early 20th century there were discussions on
whether or not a big earthquake would hit Tokyo area,
what unfortunately occurred on 1st September, 1923.
For the assessment of seismic behavior of retaining

walls Mononobe & Matsuo (1929) and Okabe method
(1924) was proposed.

Classic Period (1940–1983) with the attempt to
organize as scientific discipline, records of typical
earthquakes e.g. El-Centro earthquake (1940), the
use of magnitude for the physical measure of size of
the earthquake and several scales based on the ampli-
tude of seismograph records. After Niigata and Alaska
earthquakes in 1964 the first studies of liquefaction
evaluation of sands and silty sands came out. Use
of geophysical tests namely refraction tests, up-hole
and downhole tests. Use of laboratory cyclic tests
namely reasonant column tests, simple shear tests and
triaxial tests for soil behavior and definition of shear
modulus and damping ratio. Developments of pseudo-
static methods for embankments (Ambraseys, 1960)
and simplified methods for assessment of displace-
ments (Newmark, 1965, Sarma, 1975, Makdisi &
Seed, 1977). Implementation of codes in total stress
SHAKE in 1971 and QUAD 4 in 1974.

Modern Period (1983–1995) characterized by the
definition of seismic action using strong ground
motions parameters PGA, PGV and PGD, response
spectra and use of deterministic and probabilistic
methods. Development of laboratory and field tests
with more automatation in operation, more accurate
measurements, reduced costs in maintenance and
production of data processing techniques with high
resolution and degree of reliability, use of seismic
arrays and SASW. Use of physical models e.g. shak-
ing table, reaction walls, centrifuge tests, calibration
chambers and prototype tests. Proposals for liquefac-
tion assessment of gravel materials were presented.
Developments of mathematical models for dynamic
analysis and codes in effective stress using plasticity
models e.g. DIANA, DYNAFLOW, TARA among oth-
ers. First stage of development of codes and standards.
Lessons from Mexico earthquake (1985), Loma Prieta
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earthquake (1989) and Northridge earthquake (1994)
were taken into account.

Actual Period (after 1995) with the implementa-
tion of cyclic triaxial tests and torsional shear tests.
Combination of laboratory and field tests to assess
design parameters. Development of more realistic cou-
pled models, using boundary elements and discrete
elements, incorporating non linear behavior, ageing,
thermal effects and 3D analyses. Verification, cal-
ibration and validation of computer codes. Predic-
tion of residual strength and allowable deformation
of soils exploring aerial photographs. Implementation
of instrumentation and monitoring to assess seismic
behavior of structures. Great emphasis on diffusion
of knowledge by journal, conferences, codes of prac-
tice and development of networks. Use of case his-
tories for a better understanding of seismic behavior
of structures and calibration of predictions. Develop-
ments of techniques for remediation and rehabilitation
of structures.

3 PERFORMANCE BASED DESIGN

3.1 Introduction

To the author knowledge the first application of per-
formance based seismic design was for nuclear pow-
erplants in 1971 where 2 levels of seismic action were
considered (USAEC, 1973; IAEA, 1972).

After a brief introduction to earthquake hazard the
following topics slope stability, potentially liquefiable
soils, earth retaining structures, soil-structure inter-
action, embankment dams, underground structures,
solid waste landfills will be addressed. Due space
limitations offshore structures, breakwaters, machine
foundations and shallow foundations will be kept out.

3.2 Earthquake hazard zonation

In general the national territories are divided by the
National Authorities into seismic zones, depending on
the local hazard. The World List is a good example.

In Eurocode 8 (1998a), in general, the hazard is
described in terms of a single parameter, i.e. the
value ag of the effective peak ground acceleration
in rock or firm soil called ‘‘design ground accel-
eration’’ expressed in terms of: a) the reference
seismic action associated with a probability of exceed-
ing (PNCR) of 10% in 50 years; or b) a reference
return period (TNCR) = 475 years. For the design
two basic requirements are defined: (i) Non collapse
requirement (ultimate limit states) i.e. after the occur-
rence of the seismic event the structure shall retain
its structural integrity, with respect to both vertical
and horizontal loads, and adequate residual resis-
tance, although in some parts considerable damage
may occur, (ii) Minimization of damage (service-
ability limit state) after seismic actions with high

probability of occurrence during the design life of
the structure some parts can undergo minor damage
without the need of immediate repair. The structure
shall be designed and constructed without the occur-
rence of damage and the associated limitations of use,
the costs of which would be disproportionately high
in comparison with the costs of the structure itself.
The seismic action to be taken into account for the
‘‘damage limitation requirement’’ has a probability of
exceedance, of 10% in 50 years and a return period of
95 years.

The structures following EC8 are classified in 4
importance categories related with the size, value and
importance for the public and on the possibility of
human losses in case of collapse. To each important
category an important factor is assigned. The impor-
tant factor γf = 1.0 is associated with a design seismic
event having a reference return period of 475 years.
The importance category varying I to IV (with the
decreasing of the importance and complexity of the
structure) are related with the importance factor γf
assuming the values 1.4, 1.2, 1.0 and 0.8, respectively.

Since the doctrine proposed by Aristotle (384–322
B.C) in his book Meteorologica that earthquakes were
produced by dried exhalations (spirits or winds) in
caves inside the earth and later the explosive theory
was adopted by Newton in his book Optics (1718),
the modern scientific ideas consider the earthquake
a natural phenomenon. Within this framework the
tectonic conditions should include tectonic mecha-
nisms, location and description of faults (normal,
stryke and reverse) and estimation of fault activ-
ity (average slip rate, slip per event, time interval
between large earthquake, length, directivity effects,
etc), these factors are important to assess the invol-
ved risk.

The current practice is the deterministic approach
in which the seismic evaluation parameters were ascer-
tained by identifying the critical active faults which
show evidence of movements in Quaternary time
(ICOLD, 1998).

To assess if there is the potential for a significant
amount of surface displacement trenches are excav-
ated with 3 to 4 meters deep and 30 to 50 meters long
and should be inspected and log the exposures geo-
logic features. Recently a fault investigation method
other than trenching has been developed, called the
long Geo-slicer method in which long iron sheet piles
with a flat U-shaped cross section are driven into an
unconsolidated bed, iron plate shutters are inserted to
face these iron sheet piles and the piles and shutters
are pulled out to take undisturbed samples of strata of
a certain width.

When active faults are covered with alluvium geo-
physical explorations such as seismic reflection
method, sonic prospecting, electric prospecting, elec-
tromagnetic prospecting, gravity prospecting and
radioactive prospecting can be used.
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3.3 Slope stability

For the natural or artificial slopes a verification of
ground stability to ensure safety or serviceability
under the design earthquake should be performed.

The following methods of analysis: (i) dynamic
analysis, using finite elements; (ii) rigid block models;
and (iii) simplified pseudo-static methods can be used.

Pseudo-static method shall not be used for soils
that develop high pore water pressure or significant
degradation of stiffness under cyclic loading.

The performance based design evaluates the resid-
ual deformation/displacement and the calculated val-
ues at the end of the earthquake are compared with the
allowable values (Towhata, 2008).

Amplification factors for the seismic action to
incorporate the topographic effects and particularly
for slopes with height greater than 30 m are recom-
mended.

3.4 Potentially liquefiable soils

Empirical liquefaction charts are given with seismic
shear wave velocities versus SPT values to assess
liquefaction.

The new proposals integrate: (i) data of recent earth-
quakes; (ii) corrections due the existence of fines;
(iii) experience related with a better interpretation of
SPT test; (iv) local effects; (v) cases histories related to
more than 200 earthquakes; and (vi) Bayesian theory.

For liquefaction assessment by shear wave veloc-
ities two methodologies are used: (i) methods com-
bining the shear wave velocities by laboratory tests
on undisturbed samples obtained by tube samplers
or by frozen samples; (ii) methods measuring shear
wave velocities and its correlation with liquefaction
assessment by field observations.

It is important to refer that Eurocode 8 (1998)-Part 5
considers no risk of liquefaction when the ground
acceleration is less than 0.15 in addition with one of
the following conditions: (i) sands with a clay content
higher than 20% and a plasticity index > 10; (ii) sands
with silt content higher than 10% and N1(60) > 20;
and (iii) clean sands with N1(60) > 25.

For post liquefaction strength relationships between
SPT and CPT tests and residual strength were proposed
by several authors.

Also to assess the settlement of the ground due to the
liquefaction of sand deposits there are some proposals
based on the knowledge of the safety factor against
liquefaction and the relative density converted to the
value of N1.

The new trend for performance based design is to
consider 2 levels of seismic actions and to analyse the
situation when the limit of force balance is exceeded
for high intensity ground motions associated with a
very rare seismic event.

The remedial measures against liquefaction can
be classified in two categories (TC4 ISSMGE, 2001;

INA, 2001): (i) the prevention of liquefaction; and
(ii) the reduction of damage to facilities due to lique-
faction.

For the selection of the remedial measure it is impor-
tant to consider: (i) Potential efficiency; (ii) Technical
feasibility; (iii) Impact on structure and environmen-
tal; (iv) Cost-effectiveness; and (v) Innovation.

The methods: (i) soil grouting using calcifying bac-
teria; (ii) confinement wall; (iii) soil cementation and
solidification by deep mix method; (iv) permeable
grouting; and (v) sand compaction pile to prevent soil
liquefaction are getting very popular.

3.5 Earth retaining structures

For the pseudo-static analysis of rotating structures
the seismic coefficients can be taken as (Eurocode 8,
1998b):

kh = αgrγf S/g.r (1)

kV = ± 0, 5kh when the ratio αvg/αgr

is greater than 0.6 (2)

kV = ± 0, 33kh otherwise (3)

where αgr is the reference peak ground acceleration
for class A ground, S is the soil parameter, γf is the
importance factor of the structure and the factor r takes
the values listed in Table.

For saturated cohesionless soils susceptible to
develop high pore pressure the r factor should not
be taken larger than 1.0, and the safety factor against
liquefaction should not be less than 2 (see Table 1).

Development of methods to assess the displace-
ments exploring Newmark (1965) model, Richard-
Elms (1979) model and Nadim-Whitman (1984) model
and considering solutions in pure translation, pure
rotation and translation and rotation simultaneous.

In performance based design the acceptable level
of damage should be specified in engineering terms
such as displacements, limit stress state, and ductibil-
ity/strain based on the function and seismic response
of the structure. Two levels of earthquakes are used: (i)
Level 1 (L1)—the level of earthquake that occur during
the life-span and (ii) Level 2—the level of earthquake

Table 1. Factor affecting the horizontal seismic
coefficient.

Type of retaining structure r
Free gravity walls that can accept a

displacement dr ≤ 300 α S(mm) 2
As above with dr ≤ 200 α S(mm) 1.5
Flexural r.c. walls, anchored or braced walls, r.c.

walls founded on vertical piles, restrained
basement walls and bridge abutments. 1.0
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associated with infrequent rare events that involve very
strong ground shaking (Iai & Tobita, 2005).

3.6 Soil-Structure Interaction

In general for the Soil-Structure Interaction (SSI) the
design engineers ignore the kinematic component,
considering a fixed base analysis of the structure, due
the following reasons: (i) in some cases the kinematic
interaction may be neglected; (ii) aseismic building
codes, with a few exceptions, e.g. Eurocode 8, do not
refer it; and (iii) kinematic interaction effects are more
difficult to assess than inertial forces,

There is strong evidence that the SSI plays and
important role in slender tall structures, structures
founded in very soft soils and structures with deep
foundations The Eurocode 8 states: ‘‘Bending mom-
ents developing due to kinematic interaction shall
be computed only when two or more of the follow-
ing conditions occur simultaneously: (i) the subsoil
profile is of class D, S1 or S2, and contains consec-
utive layers with sharply differing stiffness; (ii) the
zone is of moderate or high seismicity, α > 0.10; and
(iii) the supported structure is of important category
I or II.

The stability of footings for the ultimate state limit
design criteria shall be analyzed against failure by
sliding and against bearing capacity failure.

Piles and piers shall be designed to resist the fol-
lowing action effects: (i) inertia forces from the super-
structure; and (ii) kinematic forces resulting from the
deformation of the surrounding soil due the propaga-
tion of seismic waves.

The complete solution is a 3D analysis very time
demanding and it is not adequate for design pur-
poses. The decomposition of the problem in steps
implies: (i) the kinematic interaction involving the
response of the base acceleration of the system con-
sidering the mass of superstructure equal to zero;
(ii) the inertial interaction that involves the compu-
tation of the dynamic impedances at the foundation
level and the dynamic response of the superstruc-
ture. Several techniques have been explored namely
lumped (discrete) models (elementary boundaries,
viscous boundaries and consistent boundaries), spe-
cial techniques (superposition boundary, extrapola-
tive algorithms) and boundary integral equation
methods.

The use of inclined piles is not recommended to
absorb the lateral loads of the soils. If inclined piles
are used they must be designed to support axial as
well as bending loads.

The investigation methods for pile foundation dam-
age are: (i) direct visual inspection, (ii) the use of
borehole camera inspection and (iii) pile integrity test.
The ground deformation can be investigated by visual
survey and GPS survey.

3.7 Embankment dams

For medium embankment dams a conventional
pseudo-static analysis method was used to evaluate
the seismic behavior of dams (Ambraseys, 1960; Seed
and Martin, 1966), but for dams over 100 m high
a dynamic analysis including computational analysis
(modal analysis), model tests, field measurements and
prototype tests was performed (ICOLD, 1975).

Simplified methods to compute displacements were
proposed by Newmark (1965), Sarma (1975) and
Makdisi and Seed (1977). For embankment dams a
value of 5% axial strain was used as allowable defor-
mation.

Later ICOLD (1983) has proposed 2 levels for
seismic activity, namely MCE (Maximum Credible
Earthquake) considering a return period of 500–1000
years and DBE (Design Basis Earthquake) for a return
period of 145 years, with a probability of exceeding
in 100 years less than 50%.

ICOLD (1989, 2002) has considered 3 levels of
seismic action, namely: MDE (Maximum Design
Earthquake), MCE (Maximum Credible Earthquake)
and OBE (Operating Basis Earthquake). Four haz-
ard classes were defined, namely: Low with PGA <
0, 10 g, Moderate with 0.10 < PGA < 0.25 g,
High with PGA > 0.25 g (no active faults within
10 Km) and. Extreme with PGA > 0.25 g (active
faults within 10 Km). ICOLD has introduced the
potential risk of dam associated with capacity, height,
evacuation requirements and potential downstream
damage considering these 4 hazard classes.

3.8 Underground structures

Due to the myth that underground structures have a
good resistance against shaking in many design spec-
ifications aseismic design is not usually considered.
The reasons for this believe are: (i) the rock mass sur-
rounding the tunnel has considerable stiffness to avoid
tunnel shape changes; and (ii) it is considered that the
tunnel follow the soil movements.

From a careful case histories study on underground
structures behaviour during earthquakes occurrences
the following failure mechanisms can be selected:
(i) Sliding or shear distortion of surrounding mas-
sif or foundation or both; (ii) Failure and collapse
of the ceiling slab of stations; (iii) Disruption of
underground structure by major fault movement in
foundation; (iv) Differential tectonic ground move-
ments; (v) Piping failure through cracks induced
by ground motions; (vi) Large ground deformation
due liquefaction; and (vii) Separation of construc-
tion joints on side walls at the intersection between
the underground and ground surface sections in soft
ground.

The principal pipe failures are: (i) rupture due to
axial tension; (ii) local buckling due to axial compres-
sion; and (iii) flexural failure.
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The countermeasures to mitigate seismic damage
to pipelines include high strength or high ductibil-
ity materials for the pipelines, use of joints to allow
expansion/contraction or rotation, methods to isolate
the pipeline from ground movements and methods to
reduce ground movements.

Models based in f.e.m have been used for non linear
analyses with Ramberg-Osgood relationship for life-
lines. Due the spatial development it is important to
simulate the faults movements.

3.9 Performance of solid waste landfills during
earthquakes

The key point on seismic response of solid waste land-
fill is the dynamic response of geomembranes liners,
because the eventual failure of the base liner and the
cover liner systems cause the loss of landfill service-
ability and the environmental damages due to water
and air pollution.

The Code of Federal Regulations (USEPA, 1994)
requires that the new municipal solid waste landfills
to be designed for a maximum horizontal accelera-
tion with a 10% or 2% probability of exceedance in
50 years considering a return period of 475 years or
2475, respectively. The sliding displacement predic-
tion is important to assess the performance of solid
waste landfills. The shear strength properties of waste
landfills are not easily determined since the physical
composition of the mixture makes it unsuitable for the
conventional laboratory strength testing.

The allowable value for the calculated permanent
seismic displacement of geosynthetic liner systems is
150 to 300 mm. The upper value of 300 mm is appro-
priate for simplified analyses which use upper bound
displacement curves for generic Newmark displace-
ment charts, residual shear strength and/or simplified
seismic analyses. The lower value 150 mm is more
appropriate for more sophisticated analyses and for-
mal Newmark displacement analyses. The knowledge
of interaction between waste and structures is still poor
and mainly limited to field observations.

4 NEW CHALLENGES

The following topics deserve more consideration and
can be considered new challenges:

4.1 Earthquake hazard zonation and strong motions

Dense recording GPS arrays with sampling rate
allow determining deformation rates in seismic act-
ive regions. Intrinsic properties of rock at depth have
to be obtained in situ by deep drilling into active
faults. Computational with high resolution model
for stress and deformations in communicating fault
systems should be developed. A better exploration

of microtremors technique, directivity effects and
attenuation laws is needed.

4.2 Slopes

(i) Assessment of the residual strength of the soil;
(ii) Guidelines to assess the rock slopes stability;
(iii) Analyses of mass movements; (iv) Mitigation
methods; (v) Analyses to assess amplification effects
and comparison between 3D with 2D analyses.

4.3 Liquefaction

i) The use of Becker hammer and geophysical tests
to assess the liquefaction of gravelly materials;
ii) Determination of residual strength of soil;
iii) Evaluation of liquefaction consequences and post
earthquakes displacements; iv) Mitigation methods
with use of microorganisms.

4.4 Retaining structures

(i) Design methods for the computation of permanent
displacements that allow the couple computation of
rotation and translation movements should be referred;
(ii) The permanent displacements should be related
with the height of the wall; (iii) Due the good behavior
of geogrid—reinforced soil retaining walls in compari-
son with reinforced concrete cantilever retaining walls,
during the occurrence of earthquakes, these structures
should be favored.

4.5 Soil-Structure Interaction

i) The influence of pile cap; ii) The incorporation of
the non linear behavior of the materials in the methods
of analysis; iii) The instrumentation of the piles for
design purposes; iv) Analysis of piles group effect.

4.6 Embankment dams

(i) Coupled models with non linear analyses and
pore water pressure generation and dissipation mod-
els; (ii) Hydrodynamic effects of reservoir associ-
ated with dynamic foundation-structure interaction
(Seco e Pinto, 2001); (iii) Failure of tailing dams that
currently reach more than 200 m high and reservoirs
with more than one billion tons of slimes due the occur-
rence of liquefaction and the increase of the resistance
due to ageing effects of the deposits.

4.7 Underground structures

i) For underground pipelines two extreme cases nee-
ded to be analyzed: soil liquefaction and fault move-
ments and landslides. To minimize the effect of an
imposed displacement and to introduce maximum
flexibility in the system the following actions are
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taken: use of joints to allow expansion/contraction or
rotation, methods to isolate the pipeline from ground
movements and methods to reduce ground movements.

4.8 Solid waste landfills

i) A better characterization of dynamics properties of
solid landfills; ii) A better understanding of landfill-
structure interaction in order to predict displacements.

4.9 New materials

Use of steel slag materials (recycling materials) to
increase lateral resistance of pile and equipments using
fiber optics.

4.10 Team work

Today there is a need to work in large teams explor-
ing the huge capacity of computers to analyze the
behavior of complex structures. Innovative methods
and new solutions require high reliable information
and teams integrating different experts, namely seis-
mologists, geologist, geophysics, geotechnicians and
structures engineers.

5 MY VISION—LESSONS FOR TOMORROW

The actual tendency is to prepare unified codes for
different regions but keeping the freedom for each
country to choose the safety level defined in each
National Annex. The global safety factor was substi-
tuted by the partial safety factors applied to actions and
to the strength of materials. Also the lessons learned
from the seismic behavior of geotechnical structures
are important for the revision of existing design codes.
The performance based design that is incorporated
in recent codes needs further discussion related the
allowable displacements for the 2 levels of seismic
action.

The objective of reducing the earthquake motion
transferred to the structure through the foundation by
developing cost effective methods, innovative con-
structive techniques for soil improvement and soil
reinforcement is getting increased attention. Case his-
tories provide a unique opportunity to interplay the
theory with practice.

One very important question to be discussed is:
(i) How to improve the relations between the users:
relevant authorities, clients and designers? and (ii)
how to implement in practice that codes may not cover
in detail every possible design situation and it may
require specialized engineering judgment and experi-
ence? It is hoped that the contributions to be presented
by the participants of this Conference, in the next
years, will help to clarify several questions that still
remain without answer.

The death and destruction due to earthquakes in
developing countries given by the news rise the ques-
tion about the efficiency of the assistance programs
and if they have reached the right people. The learned
lessons from earthquakes have shown that it is impor-
tant to implement: (i) earthquake codes in rural and in
urban communities; (ii) instructions for building in
rural areas safe houses, schools, hospitals and other
infrastructures; (iii) guidelines related to the actions to
be implemented before, during and after these events;
(iv) government education programs about the percep-
tion of risk, the cost/benefit aspects of mitigation mea-
sures. As an example after the collapse of buildings
due Lisbon earthquake (1755) the wooden structure
or cage (‘‘gaiola’’) embedded in the walls was imple-
mented. A full scale model was built and the efficiency
of the structure was tested and this experiment was
considered the first dynamic essay.

A joint effort between Owners, Decision-Makers,
Researchers, Consultants, Professors, Contractors and
General Public to face this challenge is needed.

It is important to understand the concepts of vul-
nerability and resilience. Vulnerability is associated
with two dimensions, one is the degree of loss or the
potential loss and the second integrates the range of
opportunities that people face in recovery. This con-
cept received a great attention from Rousseau and
Kant (1756). Resilience is a measure of the system’s
capacity to absorb recover from a hazardous event.
Includes the speed in which a system returns to its
original state following a perturbation. The capac-
ity and opportunity to recolate or to change are also
key dimensions of disaster resilience. The purpose of
assessing resilience is to understand how a disaster can
disturb a social system and the factors that can disturb
the recovery and to improve it.

It is important to stress that a better understand-
ing of geotechnical structures during the occurrence of
earthquakes can only be achieved by a continuous and
permanent effort in order to be up-to-date with the last
developments in earthquake engineering. It is impor-
tant that engineers educate themselves and the Public
with scientific methods for evaluating risks incorpo-
rating the unpredictable human behavior and human
errors in order to reduce disasters.

From the analysis of past incidents and accidents
occurred during the earthquakes it can be noticed that
all the lessons have not deserved total consideration,
in order to avoid repeating the same mistakes. We need
to enhance a global conscience and develop a sus-
tainable strategy of global compensation how to better
serve our Society. The recognition of a better planning,
early warning, quality of evacuation that we should
take for extreme events which will hit our civiliza-
tion in the future. Plato (428–348 BC) in the Timaeus
stressed that destructive events that happened in the
past can happen again, sometimes with large time
intervals between and for prevention and protection
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we should followed Egyptians example and preserve
the knowledge through the writing.

The none recognition for the engineers work is lack-
ing since the past, e.g. the Egyptian King Cheops
has his name linked with the great pyramid, a master
piece engineer work, but the history does not record
the name of the engineer. It is important to interact
with the Society and General Public and to explain
that the concern for man and fate has been always the
core interest of the engineer profession, in order that
the creations may be taken as a blessing for the Society.

The engineers should have competence, devotion
and honesty. All of us possess the resources we need
to achieve what we want if only we have the
self-confident to try. We face challenges we can over-
come them, not though by being special, but by
co-operating and helping each other along the way. We
should never forget the 7 Pillars: Practice, Precedents,
Principles, Prudence, Perspicacity, Professionalism
and Prediction. Following Thomas Mann we should
enjoy the activities during the day, but only by per-
forming those will allow us to sleep at the night. We
should never forget the contribution of Voltaire and
the book Candide published in 1759, after the Lisbon
earthquake (1755), for the change from the intellec-
tual optimism and potential fatalism that is a necessary
condition for the construction of future scenarios in a
risk analysis context.

The main components of risk management are risk
assessment (risk analysis and risk evaluation), risk mit-
igation and control (risk reduction, emergency actions)
and decision (Seco e Pinto, 2002).

Also it is important to narrow the gap between the
university education and the professional practice, but
we should not forget that Theory without Practice is
a Waste, but Practice without Theory is a Trap. Kant
has stated that Nothing better that a good theory, but
following Seneca Long is the way through the courses,
but short through the example. I will add through a
careful analysis of Case Histories.
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Some emerging issues in performance based design

W.D. Liam Finn
University of British Columbia, Vancouver, BC, Canada

ABSTRACT: Recent developments in performance based design are presented and reviewed in the broader
context of probabilistic performance based earthquake engineering. The focus is on the components of the
system that impact design: New concepts regarding selection of ground motions, the necessary number of input
motions, the concept of the conditional mean spectrum, the frequency distribution of the response measure and
the utility and coast effectiveness of performance based design. The new approach is illustrated by a case history
involving development of a probabilistic approach to the assessment of the seismic stability of slopes intended
for residential development in British Columbia, Canada. The case history illustrates clearly the utility and cost
effectiveness of performance based design.

1 INTRODUCTION

Performance based design (PBD) is based on tolerable
displacement criteria and has become part of practice
in geotechnical earthquake engineering, since 1989
(Finn 1990). It has been widely used for develop-
ing cost-effective remediation strategies for embank-
ment dams with foundations or slopes susceptible
to liquefaction under design seismic loadings. There
are two crucial requirements for implementing PBD:
acceptable performance criteria and a reliable method
of analysis. For embankment dams the criterion of
acceptable performance is specified by tolerable dis-
placements, such as allowable settlement of the crest.
A nonlinear dynamic analysis is essential because soil
behaves as a nonlinear solid under strong shaking. If
significant seismic pore water pressures are developed
during shaking, the analysis must be based on effective
stresses.

Analogous developments occurred in structural
earthquake engineering except that the potential per-
formance of a structure was evaluated using static
pushover analysis. In this analysis the forces simulat-
ing the first mode force distribution of the structure
were applied with monotonically increasing ampli-
tude and the response of the structure was described
by various response parameters; inter-storey drift,
inter-storey drift angle or roof drift. Drift limits were
established for various functional requirements rang-
ing from minor, easily repairable damage to life safety
and to the ultimate limit for collapse prevention.
Pushover analysis was also used for bridges.

In recent years the Pacific Earthquake Engineering
Research (PEER) Center at the University of Califor-
nia at Berkeley has made performance based design
the major focus of research. The work of researchers
from the universities associated with the center has led

to the rapid evolution of PBD into the more general
field of Performance Based Earthquake Engineering
(PBEE) in which PBD is still the major component.
PBEE has four major components: seismic demand,
structural response, damage assessment and evalua-
tion of consequences in terms of fatalities or financial
costs. Each of these components is probabilistically
based.

The major developments in PBEE have occurred
over the last six years and some of these that being
adopted into practice are reviewed in the next section.
The review will focus on those developments with
direct relevance to PBD in geotechnical earthquake
engineering and will be limited to the specification of
seismic demand and the characterization of structural
response. The application of PBEE in geotechnical
earthquake engineering are illustrated by a case his-
tory involving the evaluation of the seismic stability
of slopes slated for residential development which are
subjected to low probability ground motions.

2 SOME MAJOR DEVELOPMENTS IN PBEE

Two developments in PBEE, incremental dynamic
analysis (IDA) and the conditional mean spectrum-ε,
will be reviewed. Both of these are currently being
introduced into geotechnical practice in assessing the
seismic safety of the critical structures of a major
utility such as intake towers and embankment dams.

2.1 Incremental dynamic analysis, IDA

In structural engineering static pushover analysis has
been used to provide a continuous picture of structural
response to incremental increases in the first mode
distribution of inertial forces over the complete range
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of behavior from elastic response to final collapse.
Incremental dynamic analysis, IDA, is a method of
providing a similar continuous picture of the dynamic
response (Vamsatsikos and Cornell 2005). A simpli-
fied version of the IDA procedure has been proposed to
establish priorities for retrofit of 800 schools in British
Columbia. In this procedure 20 ground motions are
selected that match a uniform hazard design spectrum
that has a probability of exceedance of 2% in 50 years.
Each motion is scaled linearly on peak ground accel-
eration (PGA) to give a set of motions with the same
frequency content, but varying in PGA from lower
to higher than the 2% in 50 years PGA. The result-
ing sets of motions are used as input motions to a
generic model of a school building type e.g. wood
frame. The average PGA causing the structural type
to reach the ultimate limit state defined by a specified
drift ratio is considered the critical intensity. The prob-
ability of this critical PGA being exceeded is taken as
an approximation to the probability of structural col-
lapse. PGA is not a good scaling parameter but it is
simple and considered adequate for a rough screening
of schools to establish preliminary retrofit priorities to
get the retrofit process underway. The IDA procedure
below will be adopted for future evaluation of retrofit
priorities.

The spectral acceleration, Sa(T1), of a structure at
the first mode period is usually taken as the measure
of seismic demand on the structure. The target Sa(T1)
for design, Sa(T1)d, is determined by a probabilistic
seismic hazard analysis. A set of ground motions are
selected that are considered appropriate for the site and
each motion is scaled linearly with respect to Sa(T1)
to give a range in seismic demand below and above
Sa(T1)d. Dynamic analysis of a structure is conducted
using as input motions the suite of scaled motions
for any one of the original design suite of motions.
The results can be plotted as Sa(T) versus displace-
ment. Similar plots can be drawn from the results
of analyses using all the other motion sets as input.
Multi-record IDAs are necessary because IDA results
can be highly dependent on the individual accelera-
tion record. The results of multi-record IDA analyses
can be used to determine the mean and standard devi-
ation of the displacement response to a given Sa(T)
input or the distribution of Sa(T) associated with a spe-
cific displacement. These distributions, coupled with
the probabilistic seismic hazard, provide a basis for
the probabilistic evaluation of a seismic design. As
applied to the school retrofit study referred to earlier,
the multirecord IDA analyses would yield the proba-
bility of failure and provide a sound basis for priority
ranking of schools for retrofit.

This kind of multi-record analysis is very differ-
ent from the deterministic approach used so far in the
application of PBD to dams in geotechnical earthquake
engineering where the behavior of the dams has been
evaluated by only one or two ground motions. IDA is

clearly a very computationally intensive process and
therefore is only justified for critical structures such as
dams, important bridges and buildings housing critical
facilities.

2.2 Conditional mean spectrum—ε

In probabilistic PBEE the intensity of shaking is
characterized by an intensity measure (IM) and the
response of the structure by an engineering demand
parameter (EPD). In most PBEE applications the spec-
tral acceleration with 5% damping at the first elastic
period of the structure, Sa(T1), is selected as the IM
and the EPD is characterized by some appropriate
measure of response such as maximum crest settle-
ment in the case of an embankment dam or inter-
storey drift in the case of a structure. Sa(T1) for design
is obtained from a probabilistic seismic hazard anal-
ysis (PSHA). Disaggregation of the hazard gives the
mean magnitude, M, the average distance, R, and
the scaling parameter ε that cause the occurrence of
the design spectral acceleration, Sa(T1)d, at period
T1. The parameter ε is a measure in standard devi-
ations of the difference between the mean spectral
response corresponding to M and R and the design
spectral value. This definition can be generalized to
any record not just the one with the design spectral
acceleration at T1. The mean spectral values and stan-
dard deviations at different periods can be determined
using M and R in an appropriate attenuation relation
such as Abrahamson and Silva (1997).

Spectral shape affects the response of multidegree-
freedom non-linear structures for two reasons. First
the higher modes of the structure may affect response
significantly and the shape of the spectrum controls
the spectral accelerations at the higher modes relative
to the first mode. Secondly as behavior becomes non-
linear the fundamental period increases, bringing into
play the contribution at a longer period. Baker and
Cornell (2005) have demonstrated that ε affects the
spectral shape of a ground motion record and that its
effect is at least as significant as M and R, the param-
eters that traditionally have controlled the selection of
records for analysis. Now it is equally important to
take ε into account when selecting ground motions.

A simple approximate procedure for constructing a
design spectrum that reflects the effects of M, R and ε,
called the conditional mean spectrum - ε, which can be
implemented on a spread sheet has been presented by
Baker and Cornell (2006). Conditional mean spectra
for a site in Van Nuys, California with exceedance
rates of 2% and 50% in 50 years for a structure with
T1 = 0.8s are shown in Figure 1.

The conditional spectrum has some useful proper-
ties. The spectral ordinates are always less than the
uniform hazard spectrum, UHS, for the hazard level
associated with Sa(T1)d resulting in less conservative
designs. The conditional spectrum is representative of
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Figure 1. Mean conditional response spectra for a site in
Van Nuys. California given Sa(0.8s) values with exceedance
rates of 2% and 50% in 50 Years (after Baker and Cornell,
2006).

Figure 2. Pseudo-static seismic slope stability analysis.

ground motions from an earthquake event. The uni-
form hazard spectrum is not. The higher frequencies
in the UHS are representative of smaller closer earth-
quakes. The longer periods are associated with larger
farther earthquakes. When using the conditional spec-
trum for design, ground motions are selected from a
large database such as the PEER database that match
the conditional spectrum (PEER 2007). Because these
motions reflect the effects of M, R and ε these motions
have the property that they show little bias and have
lower dispersion in the response variable than the
traditional method where record selection is based
on M and R. Reduced dispersion means that fewer
motions are required to develop reliable statistics on
response. The conditional spectrum has only recently
been adopted for evaluating the seismic safety of dams
by a major public utility. Initial reaction to the use of
the spectrum is very favorable.

3 CASE HISTORY OF PROBABILISTIC PBD

3.1 Background

In 2005 the National Building Code of Canada (NBCC
2005) adopted design ground motions with a 2%
chance of being exceeded in 50 years. This change
resulted in about a doubling of peak ground accelera-
tions (PGA) compared to the PGA associated with the

Table 1. PGA hazard in Canadian cities, NBCC 1995 and
2005.

Median frequency
of exceedance Vancouver Toronto Montreal

10% in 50 yrs NBCC 0.24 0.08 0.20
1995

2% in 50 yrs NBCC 0.46 0.20 0.43
2005

design ground motions in the previous code (NBCC
1995) as shown in Table 1.

The impact of the increases in ground motions on
geotechnical engineering practice depends on the type
of design. Conventional procedures for assessing liq-
uefaction potential and slope stability have been based
traditionally on peak ground acceleration. Designs
based on these procedures have been strongly and
directly affected by the increased peak ground accel-
erations. Sites and structures which would have been
safe under the old code may now be considered unsafe
for the new hazard levels. Geotechnical engineers and
their clients have been expressing concerns about the
great impact of the changes in ground motions on
projects.

The impact on seismic slope stability makes an
interesting case history. Following the adoption of the
NBCC 2005 design motions by the province of British
Columbia (BC) in the BC building code (BCBC 2006)
in 2006, sites on slopes slated for residential develop-
ment failed to be approved for the use intended that
would have been considered safe under the previous
code. Developers and municipalities were understand-
ably upset by this abrupt turn of events and appealed
to the BC government for relief. The government
responded by issuing provincial regulation M268 in
December 2006 restoring the 10% in 50 years motions
for slope stability assessment as a temporary mea-
sure and setting up a task force on seismic slope
stability (TFSSS) under the direction of the Asso-
ciation of Professional Engineers and Geologists of
British Columbia (APEGBC) to study the issues and
make recommendations for future action. The writer
is a member of the task force. The TFSSS approach
to assessment of slope stability is described herein.
A later extension by the writer is described in which
procedures recommended by the TFSSS are coupled
with reliability analysis to allow uncertainties in soil
properties and seismic input to be taken into account
in a probabilistic assessment of slope displacement.

3.2 BC Practice

In BC, the most common method currently used to
carry out seismic slope stability analysis is the pseudo-
static limit equilibrium method. In this method,
earthquake loading is represented by a constant hor-
izontal force, kW, applied to the centre of gravity of
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the potential sliding mass, as shown in Figure 1. W is
the weight of the sliding mass and the coefficient, k,
is called the seismic coefficient.

There is, however, no generally accepted method
in BC practice for selecting seismic coefficients for
slopes. From a limited survey of BC practice, the
TFSSS found seismic coefficients in the range
0.5 (PGA) ≤ k ≤ 1.0 (PGA), where PGA is the peak
ground acceleration.

The choice of k = 1.0 (PGA) may be very con-
servative as shown by the acceleration time history in
Figure 2. The PGA occurs only for an instant and most
of the record indicates accelerations much less than
the maximum. The PGA has no significant impact
on the response of the slope to shaking by the time
history. Therefore the TFSSS recommends the use of
k = PGA only as a preliminary screening tool. If
FS ≥ 1.0, when k = PGA is used in a pseudo-static
limit equilibrium slope stability analysis, no further
stability analyses are required.

3.3 Slope performance during shaking

Newmark (1965) revolutionized concepts of seismic
slope stability by pointing out that just because the
factor of safety occasionally fell below FS = 1.0 dur-
ing earthquake shaking, it did not necessarily mean
slope failure. He proposed that the total displacement
accumulated during the times when the factor of safety
was less than FS = 1.0 be used as the index of slope
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Figure 3. k = PGA, can be a very conservative estimate of k.

Figure 4. The condition of incipient displacement under ky.

performance during an earthquake and he developed
simple procedures for calculating the displacements.

Permanent displacements can occur in a slope dur-
ing an earthquake only if the shear stresses generated
by the earthquake exceed the shearing resitance of the
slope. The horizontal force required to bring the slope
to the condition of incipient displacement is shown in
Figure 3 as F = kyW where ky is the seismic yield
coefficient, a special value of the seismic coefficient
that just allows slip or yielding in the slope. The yield
coefficient, ky = ay/g, where, ay = yield acceleration
and g = the acceleration of gravity.

Figure 4 is a segment of a typical earthquake shak-
ing record to an enlarged scale. Slope displacements
can initiate whenever the ground acceleration, ‘a’,
exceeds the yield acceleration, ay. The total slope
displacement at the end of earthquake shaking is the
sum of the incremental slope displacements generated
each time the ground acceleration exceeds the yield
acceleration. Newmark (1965) calculated these dis-
placements by considering the sliding mass of soil to
be rigid. He also provided charts for estimating the
maximum displacements. These charts were based on
the small selection of strong ground motion records
available at the time. In present practice, slope dis-
placements are also estimated by direct calculation
using design ground motions as input to the Newmark
(1965) sliding rigid block computational model or by
using a model that takes the flexibility of the slope
into account.

Makdisi and Seed (1978) improved the Newmark
model for application to embankment dams by tak-
ing into account the flexibility of the embankment
and the amplification of ground motions on passing
up through the embankment. They developed charts
relating slope displacement to earthquake magnitude
and the ratio of the seismic coefficient k to yield
coefficient ky. On the basis of Makdisi and Seed
(1978) data, Seed (1979) recommended values of k in
the range 0.1–0.15 depending on earthquake magni-
tude, M, for the analysis of the slopes of earth dams.
For example the Seed procedure calls for k = 0.15
and a factor of safety FS ≥ 1.15 for an earthquake
with M = 8.25. This value of k is associated with

yield acceleration, ay
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A

Figure 5. Displacement is initiated when ground accelera-
tion exceeds yield acceleration.
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a maximum allowable displacement of 100 cm. Los
Angeles County subsequently modified this procedure
to a single k value with k = 1.15 and FS ≥ 1.0 (Blake
et al. 2002). Hynes-Griffin and Franklin (1984) rec-
ommended using k = 0.5(PGA). This value of k is
also based on a maximum allowable slope displace-
ment of 100 cm. It is important to note that these
generally accepted methods for selecting a seismic
coefficient in U.S. practice for embankment dams are
based on slope displacement criteria. The two pro-
cedures recommended here by TFSSS are also based
on a criterion of acceptable slope response during an
earthquake expressed in terms of allowable displace-
ment. These methods, to be acceptable for general use,
had to be conceptually simple and easy to apply.

4 PBEE: PROBABILISTIC ASSESSMENT
OF SLOPE DISPLACEMENT (METHOD 1)

The TFSSS reviewed recent developments in methods
of seismic slope stability analysis and selected a new
approach based on the concept of tolerable displace-
ments. The method is based on the work of Bray and
Travasarou (2007). They conducted approximately
55,000 Newmark type slope displacement analyses
involving eight different slope configurations, ten
different yield accelerations for each slope config-
uration, and 688 different recorded ground motions
from the PEER (2007) data base. From a regres-
sion analysis of the resulting slope displacements,
they developed an equation for estimating the median
slope displacement along a slip surface with a condi-
tional probability of exceedance of 50%, if the design
ground motion occurs. When this probability is com-
bined with 2% probability of exceedance of the ground
motions in 50 years, the absolute probability of the
median displacements being exceeded is 1% in 50
years (approximately 1/5000). The median displace-
ment is selected as the controlling slope displacement
because of the low absolute probability of exceedance.

Bray and Travasarou’s equation slope displace-
ment, D, greater than 1 cm is:

ln(D) = −1.10 − 2.83 ln(ky) − 0.333 (ln(ky))
2

+ 0.566ln (ky)ln(S(1.5Ts))

+ 3.04ln(S(1.5Ts))

− 0.244(ln(S(1.5Ts)))
2 + 1.5Ts

+ 0.278(M − 7) ± ε

(1)

The displacement D is due to shearing along the
slip surface and has both vertical and horizontal com-
ponents.

Ts is the initial fundamental period of the potential
sliding mass prior to the seismic event,(0.05s < Ts
< 2.0s) and, for a slope such as shown in Figure 1, is
estimated by:

Ts = 4H/Vs (2)

where H is the average height and Vs is the aver-
age shear wave velocity of the potential sliding mass.
Site investigations for most residential developments
do not typically include measurements of shear wave
velocity, but estimates can be inferred from standard
penetration test or cone penetration test data (Sykora
and Koester 1988).

In Equation 1, ε is a normally distributed random
variable with a mean of zero and a standard devia-
tion σ = 0.66 and M the moment magnitude of the
earthquake under consideration. The term S(1.5Ts) is
the spectral acceleration at the site for the period of
(1.5Ts). It is given by S(1.5Ts) = F∗Sa(1.5Ts) where
Sa(1.5Ts) is the spectral acceleration for firm soil con-
ditions and F is the amplification factor for the site
class. Values of F, as a function of site class and period,
and Sa(1.5Ts), for periods T = 0.2, 0.5, 1.0 and 2.0,
are provided in NBCC 2005. Values of Sa(1.5Ts) for
other periods can be interpolated linearly from the val-
ues provided in NBCC 2005. Bray (2007) suggested
that a value of Ts = 0.33, giving a spectral period
(1.5Ts) of 0.5, would be adequate for general use. The
TFSSS recommends this value but an engineer is not
precluded using a slope specific Ts, when he considers
it more appropriate. S decreases with increasing val-
ues of period and therefore the general value S = 0.5
will become more conservative as the slope period
increases beyond Ts = 0.33. For periods shorter than
0.33s, S(Ts) increases. In such cases the designer may
wish to use a slope specific period.

The ground motions specified by NBCC 2005 are
probabilistic. Therefore the PGA is not associated
with any particular earthquake magnitude but reflects
the contributions of all earthquake magnitudes consid-
ered in the probabilistic seismic hazard analysis. The
designer has to select an appropriate magnitude. The
TFSSS recommends using the modal magnitude. This
is the magnitude making the largest contribution to the
PGA. Site specific values of modal magnitudes may
be obtained from the Geological Survey of Canada.
Since the modal magnitudes for BC sites are rarely
much larger than M = 7.0, it is suggested that M = 7.0
may be used for all sites.

The parameter ky is the yield coefficient
(0.01 < ky < 0.5) and is best determined by iterative
analyses using commercially available computer pro-
grams. Simplified equations for calculating ky may
be found in Bray et al. (1998). Bray and Travasarou
(2007) point out that ‘‘the primary issue in calculating
ky is estimating the dynamic strength of the critical
strata within the slope.’’ Since ky is assumed to be a
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Table 2. Displacements estimated using Equation 1.

Slope H M Ts PGA Sa(T) ky D
Location (m) (s) (g) NBCC 2005 (cm)

0.2 0.5 1.0

Nanaimo 30 7 0.35 0.50 1.0 0.69 0.35 0.17 13
Duncan 22 7 0.31 0.54 1.1 0.74 0.37 0.49 2
Victoria 13 7 0.23 0.61 1.2 0.82 0.38 0.52 2

Figure 6. Pseudo-static analysis with an inertia force equiv-
alent to 15 cm of displacement.

constant during earthquake shaking, the earth mate-
rials in the slope cannot undergo significant strength
loss. The selection of appropriate shear strength should
follow best current practice. An extensive discussion
of the dynamic strength of soil, may be found in Blake
et al. (2002) and Duncan and Wright (2005).

The TFSSS recommends a displacement of 15 cm
or less as a tolerable slope displacement along the slip
surface for use with the Bray and Travasarou (2007)
method in most cases. This guideline is based on expe-
rience with wood frame construction and is predicated
on the residential building being located back from the
slip surface. The objective is to avoid the slip surface
daylighting within or behind the building.

As examples of the use of Equation 1, displace-
ments were estimated for soil slopes located in
Nanaimo, Duncan, and Victoria, BC, being consid-
ered for development. Slope properties were provided
by the geotechnical engineers involved in the projects.
As shown in Table 2, the calculated median slope dis-
placements (D) are relatively small (2 cm to 13 cm).
Using a maximum allowable displacement of 15 cm,
these slopes may be considered suitable for residential
development. Note that, in these examples, site spe-
cific site periods, Ts, are used rather than the general
value of 0.33. The applicable values for S(1.5Ts) are
obtained from the listed NBCC 2005 values in Column
6 by interpolation.

Conventional pseudo-static slope stability analysis,
with 2% in 50 year ground motions and k = PGA,
shows all three slopes to have FS < 1.0 and there-
fore, typically would be considered unsuitable for
residential development. Even for k = 0.5 (PGA),
the Nanaimo slope would have a k = 0.25 which

Table 3. Comparison of k15 with k =
0.5 (PGA).

Slope H K15 K = 0.5 (PGA)
Location (m) 2% in 50 yrs 10% in 50 yrs

Nanaimo 30 0.16 0.11
Duncan 22 0.18 0.15
Victoria 13 0.20 0.18

is greater than the yield acceleration, and would be
considered unsuitable for residential development.
The PBD approach using displacement analysis in
conjunction with a criterion for tolerable displace-
ment provides a more flexible and less conservative
approach to evaluating slope stability for residential
development than the factor of safety approach.

5 PSEUDO-STATIC ANALYSIS USING
A SLOPE DISPLACEMENT-BASED SEISMIC
COEFFICIENT (METHOD 2)

To continue to allow the use of pseudo-static slope
stability analysis and yet retain the advantages of using
a displacement criterion, the TFSSS asked Bray (2007)
to provide a seismic coefficient that would be compat-
ible with the recommended limiting displacement of
15 cm of displacement, k15, (Fig. 5).

Bray estimated this value of k to be that given by:

k15 = (0.006 + 0.038M ) S(0.50) − 0.026

with S(0.50) < 1.5g (3)

This regression equation is valid only for a spectral
period of 0.5s. Therefore slope specific periods cannot
be used with this equation.

M is the moment magnitude of the earthquake.
As in the case of Equation 1, modal magnitude,
M = 7.0, and spectral acceleration, S(0.50), are
acceptable for general use but the designer is not pre-
cluded from using a site specific modal magnitude,
obtainable from the Geological Survey of Canada.

Values for k15 were estimated for the three slopes
in Table 3. The k15 values for 2% in 50 year ground
motions, and k values for k = 0.5 (PGA) for 10% in
50-year ground motions, are also shown in Table 3.
The values of the slope displacement-based seismic
coefficient (the k15 values) corresponding to 2% in 50-
year ground motions are slightly larger, and therefore
somewhat more conservative, for these cases, than the
seismic coefficient used in association with 10% in
50-year ground motions, when k = 0.5 PGA.

If the pseudo-static analysis, using the slope
displacement-based seismic coefficient k15 (Fig. 5)
gives a factor of safety FS ≥ 1.0, the slope may be
considered suitable for residential development.
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6 ANALYSIS WITH UNCERTAINTY
IN VARIABLES

Slope displacement D> 1 cm is given by Bray and
Travasarou (2007) as

ln(D) = f [S(T ), ky, Ts, M ] ± ε (4)

where S(T) = spectral acceleration at the period T =
1.5Ts; ky = yield coefficient; Ts = initial period
of the potentially sliding mass and M = earthquake
magnitude. These variables are treated as deterministic
by Bray and Travasarou (2007) in their Equation1 for
evaluating D. The error term, ε, is the uncertainty in
the displacements for deterministic values of the other
independent variables and has a normal distribution
with a mean of 0.0 and a standard deviation of 0.66.

The performance function for probabilistic analysis
of the likelihood that some limiting displacement Dlim
is exceeded for specified uncertainties in the variables
is given by the performance function:

G = ln(Dlim) – ln(D) (5)

Dlim is some specified limiting displacement and D
is the displacement calculated using the Bray and
Travasarou (2007) Equation 3, taking into account the
probabilistic variations in the controlling parameters.

Reliability analysis of the Austrian Dam in Califor-
nia was conducted using the program RELAN (Foschi
et al. 2007), in which the performance function G had
been inserted. This dam was one of many case histories
analyzed by Bray and Travasarou (2007) in validating
their method for estimating seismic displacement of
slopes.

The variations in slope parameters were prescribed
as follows. The spectral values in NBCC 2005 have
a lognormal distribution with a standard deviation

Pr
ob

ab
ili

ty

Dlim cm

Figure 7. Probability of exceeding displacement Dlim.

of 0.7. A standard deviation of 0.3 was assumed for
magnitude M. Standard deviations equivalent to 20%
of the deterministic values used by Bray and Travasarou
(2007) in their analysis of the dam were assumed for
the other variables, ky and Ts, reflecting the difficulty
in defining shear strength and slope period accurately.
The latter three variables were assumed to have normal
distributions.

The analyses were conducted using both first and
second order statistical analysis to assess the impact
of uncertainty in the independent variables controlling
D. In this application the difference between first and
second order analyses was negligible.

The observed displacement of the slope of the Aus-
trian Dam was 50 cm during the 1989 Loma Prieta
Earthquake. The results of the RELAN analysis are
shown in Figure 6 which shows the conditional prob-
abilities of exceedance of prescribed displacements
Dlim. The observed displacement of 50 cm is pre-
dicted to have a probability of exceedance of 38%
for the specified variations in seismicity and slope
parameters. Bray and Travasarou (2007) estimated the
84% displacement to be 70 cm. RELAN estimates that
this displacement has a probability of exceedance of
30% for the specified uncertainties in the controlling
parameters.

7 CONCLUDING REMARKS

Full scale IDA analysis has not yet been adopted
in geotechnical earthquake engineering except for
the few cases cited where the results of analyses of
generic models were of wide applicability to other
cases. The use of the conditional mean spectrum-ε
has been adopted by a major public utility as a design
spectrum and as a basis for the selection of ground
motions for seismic response analyses that have low
bias and least dispersion. The use of this spectrum is
likely to increase.

Two methods for determining whether a slope is
suitable for residential development, when subjected
to 2% in 50-year design ground motions are recom-
mended.

• Method 1 involves calculating the median slope
displacement with parameters that reflect slope
properties and local seismicity (Equation 1). This
slope displacement has an absolute probability of
exceedance of approximately 1/5000 for BC design
ground motions. This method was extended to take
into account uncertainties in the paprameters.

• Method 2 is based on pseudo-static (limit equilib-
rium) seismic slope stability analysis, similar to cur-
rent practice, but uses a slope displacement-based
seismic coefficient, k15, that is equivalent in its
effect to adopting a tolerable slope displacement of

355

©2009 Taylor & Francis Group, London, UK

  



15 cm, when the slope is subjected to design ground
motions.

• Based on experience with wood frame residential
construction, a displacement of 15 cm is considered
to be acceptable.
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Short comment on site specific earthquake ground motion characteristics
for performance based design

A. Ansal & G. Tönük
Bogazici University, Kandilli Observatory & Earthquake Research Institute, Bogazici

For a site-specific assessment of performance levels
for Immediate Occupancy, Life Safety and Collapse
Prevention, seismic hazard analysis need to be con-
ducted to assess design earthquake characteristics
on the foundation level with respect to the selected
exceedance levels for 2% 10% and 50% for 50 years
respectively. The analysis may be considered as com-
posed of statistically independent two consecutive
stages that can be evaluated separately.

The first stage is the estimation of design earth-
quake characteristics on the rock outcrop based on
seismic hazard study for all performance levels. The
second stage is the estimation of design earthquake
characteristics on the ground surface based on the
geotechnical, geological and topographical condi-
tions. Both of these stages involve various degrees
of uncertainties.

A probabilistic approach may be adopted to evalu-
ate the uncertainties involved in the above mentioned
two stages of the earthquake hazard analysis. The over-
all exceedance probability is determined by assigning
the identical probability levels to both stages. Thus
site-specific peak ground acceleration and accelera-
tion design spectrum may be calculated with respect to
overall exceedance probability of 2% 10% and 50% for
50 years corresponding to Immediate Occupancy, Life
Safety and Collapse Prevention performance levels
respectively.

As an example at one site in Istanbul, 16 real
acceleration time histories compatible with the earth-
quake hazard in terms of probable magnitude (M =
6.5–7.5), epicenter distance (20 ≤ R ≤ 30 km) and
fault mechanism (strike slip) recorded on stiff site
conditions with average shear wave velocities larger
than Vs 30 ≥ 420 m/s were selected as the probable
input acceleration time histories from the PEER strong
motion data bank (http://peer.berkeley.edu).

The main purpose was to account as much as pos-
sible for the variability arising from the differences in
the source characteristics observed in the acceleration
time histories.

The selected input acceleration time histories were
scaled with respect to the peak ground horizontal
accelerations calculated from the earthquake haz-
ard study (0.36 g and 0.67 g corresponding to Life

Safety and Immediate Occupancy performance levels,
respectively) and were used as input for site response
analysis. The acceleration response spectra calculated
for these records, the average acceleration spectra
corresponding to Life Safety and Immediate Occu-
pancy are shown in Figure 1. However, it may be more
in line with the performance base design to assume
that at each period the variation of the spectral accel-
erations can be modeled by normal distribution to
estimate acceleration response spectra corresponding
to 10% exceedance in the case of Life Safety and 2%
exceedance in the case of Immediate Occupancy as
shown in Figure 1.
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Figure 1. Acceleration response spectra for PGA scaled
acceleration time histories, the average, 10% and 2%
exceedance level spectra with respect Collapse Prevention
and Immediate Occupancy Performance levels.
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PBD in earthquake geotechnical engineering and energy-based design

T. Kokusho
Civil Engineering Department, Chuo University, Tokyo, Japan

Despite long lasting efforts, PBD has not yet been
established sufficiently in geotechnical engineering
practice. Seismically induced ground deformation
essential to performance design is not easy to evalu-
ate mainly because, in contrast to superstructures, the
ground is 3-dimentional continuum with tremendous
spatial variability and its stress-strain relationship is
strongly nonlinear with dilatancy effect. However, a
rapid development in practical and reliable PBD in
geotechnical engineering is badly needed not only for
foundation design but also for superstructures resting
on incompetent soils.

In Table 1, the backgrounds of Performance-Based
Design in earthquake geotechnical engineering is sum-
marized in terms of Social background, Technical
background, Technical requirements and Technical
difficulties to overcome.

One of the important requirements for PBD in
geotechnical engineering is the establishment of the
performance criteria to comply with the performance
of buildings or civil structures in terms of ground dis-
placement. Then the next major challenge is to shift
from the limit state calculations based on acceleration
or its modified seismic coefficients to deformation-
based calculations using design ground motions. More
and more numerical methods incorporating time-
histories or spectra of input motions as well as soil
nonlinearity are already in practice.

However, uncertainties involved in such analytical
tools seem to become considerable as seismic input
motions get stronger and soil nonlinearity gets greater.
It is particularly true under current circumstances
where seismic ground motions observed during recent
destructive earthquakes are getting larger and design
codes designate higher ground motions.

In contrast to the conventional limit design, uncer-
tainties involved in the PBD become considerable in
terms of seismic input, large-strain soil properties,
parameters in numerical analyses, etc, which almost
inevitably attracts designers from the deterministic
method to probabilistic approach.

Probabilistic approach is also preferred because
of its accountability to general public to attain social
acceptance of projects. However, the results should
be carefully scrutinized whether or not the probability
is based on sufficient and reliable statistical database.

One of the most significant uncertainties may be the
seismic design input. We cannot forget in simulating
design earthquake motions in time/spectrum domain
that we still do not know much about earthquakes and
considerable uncertainties may be involved in decid-
ing recurrence time of less frequent extreme events,
fault mechanisms such as asperity and directivity.

Another significant uncertainties which geotechni-
cal researchers in particular have to reduce is those
in physical modeling of soil performance, which
tend to be enormous as seismic input motions get
stronger and soil nonlinearity gets greater. Contin-
uous models in the finite element method cannot
enough reproduced discontinuous deformations along
slip planes/shear zones, while discrete models such
as those in the discrete element method seem to
be similar to numerical experiments without proper
design philosophy. We should make more efforts to
develop simpler methods with appropriate designer’s
philosophy based on fundamental physical principles
such as the preservation of energy. In any case, case

Table 1. Background to PBD in earthquake geotechnical
engineering.

Preparedness to extreme events
Social Accountability to different group

background of people
Economy and rationalization of design

Increasing ground motion, observed
Technical and required.

background Development of numerical methods
Development of probabilistic design

Decision of performance criteria
by displacement

Technical Quantifying uncertainties on PBD
requirements Quantifying uncertainties on PBD

Validation of PBD by case histories &
model tests

Probability evaluation of extreme events
Better input parameters for seismic

Technical performance
difficulties to Modeling of failure including strong
overcome nonlinearity

Grasping variability of soil profile &
properties
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histories with well-documented observation data are
really important as a benchmark to verify the reliability
of these design tools.

A key for better performance predictions is to
choose better seismic input parameters with which
seismic response of a system can be evaluated
reliably. In probabilistic performance-based design,
we need to develop a hazard curve and a fragility
curve as a function of a certain input parameter such
as PGA or PGV. It should be pointed out that the high
accelerations recorded in recent earthquakes did not
necessarily result in high structural or geotechnical
damage. For instance, during the 1971 San Fernando
earthquake and 1994 Northridge earthquake in USA,
the PGA of 1.0 G and 1.8 G did not make significant
structural damage in the surrounding area. During
the 2004 Niigataken Chuetsu earthquake in Japan,
the acceleration of 1.7 G in Tokamachi again did
not produce so much damage as anticipated. Other
than these, there are quite a few similar cases where
no significant damage occurred under PGA nearly
or larger than 1 G. It indicates that the acceleration
may not be a proper parameter to govern the dete-
rioration of structures or soils compared to other
parameters such as particle velocity. There are a
couple of indices to represent seismic performance
of structures based on spectrum or time-history of
ground motions such as Housner’s spectral intensity
(1952) and Arias Intensity (1970). These are based
on the response of one-degree-of-freedom system and
include some additional considerations on structures.

In PBD, as already mentioned, seismically induced
displacement, instead of seismically induced force, is
the key to decide the performance criteria. The acceler-
ation directly controls force-equilibrium but only indi-
rectly determines the displacement through dynamic
response. Velocity is increasingly used in place of
acceleration because it is believed to be closely related
to seismic energy. Then, why don’t we use the wave
energy supplied to structures. The energy has clear
advantage in PBD because it is the product of the
displacement and the force and related to structural
performance more directly than other parameters.

Based on a postulate that dominant seismic motions
propagate in the vertical direction by SH waves, energy
flux E and the accumulated energy E can be defined as
Eqs. (1) and (2), respectively (Kokusho and Motoyama.
2002);

E = dE

dt
= ρVs

(
du

dt

)2

(1)

E = ρVs

∫ (
du

dt

)2

dt (2)

where ρ = soil density, Vs = S-wave velocity and
du

/
dt = particle velocity of the soil. Note that du

/
dt

in Eqs. (1) and (2) is the particle velocity not directly
of recorded motions but of upward traveling waves.
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Figure 1. Incident seismic wave energy at base rock eval-
uated from vertical array records and compared with simple
equation based on spherical energy radiation.

Therefore, it is essential to separate a measured motion
at a point into upward and downward waves in order
to evaluate the energy.

If a set of horizontal soil layers is assumed to behave
as linear materials, upward and downward waves at
any point can be calculated from a surface record
based on the multiple reflection theory, from which
the flow of the energy is readily evaluated. During
strong earthquakes, seismic motions at the ground
surface in soft soil sites are influenced by soil nonlin-
earity, which should be considered in evaluating the
energy. If vertical array records are available, the sepa-
ration of upward and downward waves from measured
motions at two different underground levels is possible
based on the multiple reflection theory (Kokusho and
Motoyama, 2002), from which subsurface energies or
energy flux can be readily calculated.

For superstructures with small damping and small
ductility, the energy flux may serve a design param-
eter, for which the time history of ground motion is
necessary. In contrast, the accumulated energy may
be sufficient without time history for soil structures
such as slopes, dams, retaining walls, etc., in which
residual deformation by cyclic loading is essential for
structural performance.

Thus, seismic wave energy is basically calculated
as a square of particle velocity times soil impedance.
This indicates that, even if the same particle velocity
is measured, at A and B-site for example, the energy is
twice larger at A if the impedance is twice larger at A
than B (Kokusho et al. 2008). This effect is not clearly
identified in the present seismic design practice.

Kokusho and Ishizawa (2007) indicated by using
vertical array seismic records during recent strong
earthquakes in Japan that the input energy per unit hor-
izontal area, EIP

/
A, evaluated by Eq. (3) in a bedrock

of about 100–300 m deep can be approximated by
the following equation assuming a spherical energy
radiation.
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Figure 2. Schematic diagram how to evaluate travel dis-
tance δr in seismically induced slope failure based on wave
energy.

EIP
/

A = E0
/(

4πR2) (3)

Here, R is the hypocenter distance, and E0 is the total
wave energy in the unit erg (1 erg = 10−10 kJ), which is
assumed to radiate from the hypocenter. The energy E0
is determined using the empirical equation by Guten-
berg (1955)

log E0 = 1.5M + 11.8 (4)

where M is the earthquake magnitude using the Richter
scale. Fig. 1 indicates incident energies per unit area
EIP

/
A calculated from the vertical array records at

bedrock during recent strong earthquakes in Japan,
which are found mostly consistent with the empirical
formula by Eqs. (3) and (4) shown with straight lines
(The Japanese Earthquake Magnitude, MJ , was used
here to compute E0 because the Richter magnitude
and the Japanese magnitude are almost equivalent),
despite simple assumptions in the energy evaluation
without characterizing fault mechanisms such as fault
dimension, directivity, asperity, etc.

Earthquake energy EEQ, that is transmitting into
the upper layer, can be computed by subtracting from
the input energy EIP the energy reflected downward
into the bedrock due to the impedance contrast at layer
boundaries. The energy flow in the surface layers can
be easily computed based on the 1-D multi-reflection
analysis of SH wave. If actual ground conditions are
approximated as a two-layers system and all the energy
EEQ transmitting into the upper layer is assumed to be
absorbed due to widespread geotechnical failure such
as liquefaction or slope slide, then the energy ratio
EEQ

/
EIP may be formulated as;

EEQ
/

EIP = 4α
/
(1 + α)2 (5)

where α is the impedance ratio of the upper layer to
the bedrock (Kokusho et al. 2007).

Thus, the accumulated input energy during the
earthquake may be readily computed for engineering
purposes if the earthquake magnitude and the focal
distance are given. In this case we do not need any
time history, which makes uncertainties associated
with seismic input very much reduced.

As an example in which the accumulated energy
may be able to serve as an appropriate input parameter
instead of acceleration for geotechnical problems, let
me briefly introduce the travel distance evaluation of
seismically failed slope. The detailed theoretical basis
of the evaluation method is available in other literatures
(Kokusho and Ishizawa 2007).

Fig. 2 shows a schematic view of a slope in which
a center of gravity of sliding soil mass moves from P
to Q during seismically induced failure. Let β denote
a global inclination of a straight line PQ different from
the initial slope inclination β0, and μ average mobi-
lized friction coefficient over the travel distance. The
drop height PO (−δEp

/
Mg, in which −δEp; potential

energy change, Mg; weight of failed slope) divided
by the horizontal distance OQ (δr) corresponds to the
global inclination β of the slope, hence,

−δEp
/

Mg

δr
= β (6)

On account of the earthquake energy, the pre-earthquake
centroid can be considered to rise up by EEQ

/
Mg,

from P to P’. If the slip plane is assumed unsaturated
(Kokusho and Ishizawa 2008), the inclination of the
line P’Q, or the ratio of the height P’O expressed as(−δEp

/
Mg + EEQ

/
Mg

)
to the horizontal displace-

ment (δr), OQ, can be expressed as;

−δEp
/

Mg + EEQ
/

Mg

δr
= μ

1 + β2

1 + μβ
(7)

Consequently, the procedure for the travel distance
evaluation is:

1. Determine the dimension and weight of a potential
sliding soil mass and its centroid P.

2. Determine the mobilized friction coefficient μ.
3. Evaluate the earthquake energy EEQ.
4. Locate Point P’, which is by EEQ

/
Mg higher than P.

5. Starting at Point P’, draw a line having an inclina-
tion of μ

(
1 + β2

)/
(1 + μβ), until it intercepts the

slope surface (Point Q). Then from the geometry of
the slope, δr can readily be obtained.

This very simple procedure may be conveniently
used to evaluate the run-out distance for seismically
induced slope failure. This kind of energy approach
may be able to serve as a simple yard stick to compare
with sophisticated analytical results.

Thus, as a key for better performance predictions,
the seismic wave energy may be able to serve as a
better seismic input parameter, in addition to conven-
tional PGA or PGV, with which seismic response of
ground and geotechnical structures can be evaluated
more reliably.
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