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Preface

The significance of the inaugural fibre reinforced polymer (FRP) Composites in Civil Engineering (CICE)
conference, organised by Professor J.G. Teng of The Hong Kong Polytechnic University in 2001, is unquestion-
able as it led to at least two pivotal outcomes. Firstly, it started an international conference series and has led
to this, the Second International Conference on FRP Composites in Civil Engineering (CICE 2004) held at the
University of Adelaide, Australia. Secondly, it was instrumental in the formation of the International Institute
for FRP in Construction (IIFC). The link between the CICE conference series and the IIFC was later established
when CICE became the official conference of the IIFC.

As a researcher, I am encouraged by the increasing number of papers being published internationally covering
a wide range of FRP applications in civil engineering. This is an indication of the acceptance and practical
significance of FRP in civil engineering practice. However, I am also aware of potential negative trends developing
in this area that are wide spread in many ’traditional’areas of civil engineering. In part, these include: the absence
of standardised testing techniques for fundamental properties; insufficient documentation of tests in the open
literature; lack of consistent terminology; and unnecessary repetition of tests and research.To a certain degree this
is to be expected in such a new and rapidly developing area. However, it may hinder the wide spread application
and development of this exciting technology. Attendance at international forums such as CICE 2004, to broaden
one’s awareness of state-of-the-art research, is part of the solution. But, attendance in itself is not sufficient. It
must be accompanied by constructive, yet critical, discussion. To encourage this discussion, I have challenged
session chairs to play a proactive role in leading discussions during question periods of technical sessions. It
is my hope that this will at least start to address some of the trends highlighted above and therefore become a
measure of the success and contribution of CICE 2004 to the civil engineering FRP research community.

I was privileged to be the organiser of CICE 2004 and the editor of this book containing the proceedings of
the Second International Conference on FRP Composites in Civil Engineering. One of the aims of CICE 2004
was to encourage the participation of researchers and practitioners from countries or regions of the world often
underrepresented in such international forums. To this end, four special sessions were introduced in CICE 2004
to highlight the activities being undertaken in China, Italy, the Middle-East and Southeast Asia. The importance
of long-term monitoring of existing FRP structures/components was also recognised by a special session. The
strong international support for CICE 2004 was demonstrated by the contributions from nine keynote speakers,
four invited speakers and over 100 delegates, from over 20 countries, presenting papers that cover a wide range
of FRP applications in civil engineering.

CICE 2004 was a result of the efforts of many people worldwide. Special thanks are due to the keynote and
invited speakers for their support and contribution. The International Advisory Committee and the Conference
Organising Committee are also acknowledged for assisting with the promotion of the conference and for critically
reviewing all of the papers published in these proceedings. The assistance provided by the secretarial staff of the
School of Civil and Environmental Engineering at the University of Adelaide is also acknowledged. The IIFC
must also be recognised for sponsoring the Best Paper Awards presented, for the first time in this conference
series, at CICE 2004. Furthermore, the support and encouragement provided by Professor Teng and the Executive
Committee members of the IIFC is also greatly appreciated. I must also thank my family, and in particular my
wife Joanne, for their support during the many long hours devoted to the organisation of this conference. Finally,
I thank all of the authors, presenters, delegates, sponsors, and the supportive staff of A.A. Balkema for their
contributions, without which CICE 2004 would not have been possible.

Rudolf Seracino

Adelaide, Australia
December 2004
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Message from the President of IIFC

Recent years have seen rapidly growing interests in the application of advanced fibre-reinforced polymer (FRP)
composites in construction around the world, in terms of both research activities and practical implementations.
Indeed, many have hailed FRP composites as a new generation of construction materials following steel and
concrete. Against this background, the International Institute for FRP in Construction (IIFC) was formed in
2003 to promote and coordinate world-wide activities in this area. One of the important activities of IIFC is the
organization of a biennial official conference series, and CICE 2004 was organized as the first official conference
of IIFC, although it is the second in the CICE series which started in 2001 with its first conference (CICE 2001)
in Hong Kong.

As the founding President of IIFC, I would like to take this opportunity to provide a brief report on the
process that gave birth to IIFC. The first step towards the formation of IIFC was taken at the International
Conference on FRP Composites in Civil Engineering held in December 2001 (CICE 2001) at which a meeting
of leading researchers attending the conference was convened to discuss the possibility. The idea of forming an
international organization dedicated to the application of FRP composites in construction was enthusiastically
supported at that meeting. The meeting also led to the establishment of an Ad-Hoc Committee for the formation
of the Institute, which consisted of 33 leading figures in the area drawn from 13 countries around the world.

Among the many tasks completed by this Committee was the development of the By-laws of the Institute.
Following the finalization of the By-laws in March 2003, theAd-Hoc Committee was immediately converted into
the founding Council of the Institute based on the majority view of the Committee, which signified the formal
establishment of IIFC. Elections of the Executive Committee, the first Fellows and the Advisory Committee of
IIFC then followed. The Institute became fully functional and started to accept applications for membership on
1 January 2004. In this process, an official web site for IIFC was also established (www.iifc-hq.org). Readers
interested in the activities of IIFC are encouraged to visit this web site regularly.

The founding of IIFC would not have been possible without the willing contributions of many individuals.
On behalf of IIFC, I would like to express my sincere gratitude to all of them. The future success of IIFC will
hinge on the support of individuals and organizations who share the aim of IIFC. In this connection, you are
strongly encouraged to take an active part in IIFC activities.

Having organized conferences myself, I am fully aware of the amount of work required to organize a successful
conference of this magnitude. On behalf of IIFC, I would like to express my sincere appreciation to Dr. Rudi
Seracino, Chairman of the Organizing Committee of CICE 2004, for devoting so much of his time and energy
to make this conference a great success and for looking after the interests of IIFC so well despite the many
other constraints he had to operate with. I would also like to thank all others who contributed to this success
in different ways, including members of the Organizing Committee, the International Advisory Committee
and many others. The strong support to CICE 2004 shown by the international civil engineering FRP research
community is testimony to the importance and significance of this conference.

Jin-Guang Teng

Hong Kong, China
December 2004
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Mechanically-fastened FRP (MF-FRP) – a viable alternative for
strengthening RC members

L.C. Bank
Department of Civil and Environmental Engineering, University of Wisconsin, Madison, WI, USA

ABSTRACT: A method for strengthening reinforced concrete members using mechanical fasteners has recently
been developed. The strengthening is obtained by attaching FRP strips, having high bearing and longitudinal
strengths, to concrete elements using many closely spaced steel Power Actuated (PA) fastening “pins” and a
limited number of steel expansion anchors. The method, known as the Mechanically-Fastened FRP (MF-FRP)
method, is rapid, uses conventional typically available hand-tools, lightweight materials and unskilled labor. In
addition, unlike the bonded method, the MF-FRP method requires minimal surface preparation and permits imme-
diate use of the strengthened structure. Previous research on this method on a variety of beam sizes has shown
promising results in terms of installation efficiency, level of strengthening achieved, and preventing strip delami-
nation before concrete crushing.This paper presents an overview of the work conducted over the last 5 years at the
University of Wisconsin-Madison on the experimental, theoretical and design aspects of the MF-FRP method.

1 INTRODUCTION

A method for strengthening reinforced concrete beams
(or slabs) by attaching FRP (fiber reinforced polymer)
strengthening strips to the underside of the beam using
powder actuated fasteners and mechanical anchors
has been developed at the University of Wisconsin-
Madison. The method is known as the Mechanically
Fastened (MF) Fiber-Reinforced Polymer (FRP), or
the MF-FRP method, to distinguish it from the tra-
ditional Externally-Bonded FRP (EB-FRP) method
(ACI 440.2R 2002; FIB 2001, Teng et al. 2001).
This method relies on mechanical attachment of the
FRP strip, and is a rapid procedure that uses simple
hand tools, lightweight materials, and unskilled labor.
Unlike the conventional method of adhesively bonding
FRP strips to the concrete surface, this method does
not require surface preparation and allows for imme-
diate use of the strengthened structure. Bonded repair
methods have been used in a number of full-scale
bridge strengthening projects (e.g. Alkhrdaji et al.
2000; Nanni 1997). The conventional bonding method
requires time consuming grinding, sand blasting, prim-
ing and smoothing of the concrete surface to make it
suitable for bonding the strip. In addition, it is often
recommended that the bonded strip not be disturbed for
a minimum of 24 hours following the application of the
adhesive and the structure not be used for up to a week.

Even with FRP bonded systems a number of authors
have recommended that in order to prevent a catas-
trophic brittle failure of the strengthened beam by strip

detachment, mechanical anchorage should be pro-
vided at the strip ends (Spadea et al. 1998, Garden &
Holloway 1998).This type of anchorage is usually pro-
vided with steel anchor bolts or cover plates or with
“fiber anchors” (Lam & Teng 2001). In addition to
being rapid and easy to install, the MF-FRP method
provides the necessary anchoring mechanism as part of
the procedure, since it is based entirely on mechanical
fastening systems. Moreover, the multiple small fas-
teners used in the MFFRP method, in contrast to large
diameter bolts typically used for anchorages, distribute
the load uniformly over the FRP strip and reduce
stress concentrations which can lead to premature
failure.

This research activity began in 1998. A number
of experiment and theoretical studies on the MFFRP
method have been conducted. Experimental labora-
tory studies have been conducted on small 1.2 m long
rectangular beams, moderate-length 3.7 m long rect-
angular long beams, 8.8 m long T-beams, and 7.3 m
long rectangular beams (Bank et al. 2002a, 2002b;
Lamanna et al. 2001, Lamanna, et al. 2004). In addi-
tion, a 1930s era reinforced concrete flat-slab bridge
with a 7.3 m span was strengthened with the MF-
FRP method (Bank et al. 2003, Bank et al. 2004).
An analytical method has been developed to predict
the strength of concrete beams strengthened with the
MF-FRP method (Bank & Arora, 2004; Arora 2003).
This paper presents an overview of the work conducted
over the last 5 years on the experimental, theoretical
and design aspects of the MF-FRP method.
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2 DESCRIPTION OF THE MF-FRP METHOD

In the MF-FRP method, the strengthening is obtained
by attaching FRP strips, having high bearing strength
and high longitudinal strength and stiffness, to con-
crete elements using many closely spaced steel Power
Actuated (PA) fastening “pins” and, if necessary, steel
expansion anchors (EA). The expansion anchors are
typically only used at the ends of the strip to prevent
end-delamination.

The fastening pins are embedded using a Powder
Actuated Fastening (PAF) “gun.” Several PAF sys-
tems are available commercially from vendors such
as Hilti, Ramset, Powers and Simpson. Hilti DX A41
and Hilti DX 460 powder actuated fastening systems
were used in the testing reported in this paper. The
system consists of fasteners (called “pins”) and the
“gun” which uses a 6.8 mm gunpowder charge to shoot
the fastener into the base material. Adequate embed-
ment of the powder-actuated fastener is required in
order to secure the FRP strip to the reinforced con-
crete member. The effects of fastener type, washer,
diameter, length, embedment depth and the use of pre-
drilled holes have been investigated in a number of
studies described in what follows (Bank et al. 2002a,b;
Lamanna et al. 2001a,b; Lamanna et al. 2004).

Based on these studies hardened galvanized steel
fasteners with neoprene backed steel washers, and
shallow 12 mm pre-drilled holes are recommended
for use with FRP strips. Use of shallow pre-drilled
holes was shown to significantly reduce spalling dur-
ing fastener driving and to increase tensile and shear
capacity of the embedded fasteners. For embedment
in high strength concrete pre-drilling is recommended
by manufacturers of PAF systems and special drill bits
with stoppers are available for this purpose (e.g. Hilti
DX-Kwik).A minimum embedment of 25 mm beyond
the pre-drilled hole is recommended. Based on the
results of the studies conducted, 45 to 50 mm long fas-
teners (such as the Hilti X-ALH 47 high strength steel
fastener) are recommended for use with 3.2 mm thick
FRP strips.

Pultruded Fiber Reinforced Polymer (FRP) strips
are used with the MF-FRP system. A number of
different strips, ranging from standard glass fiber
pultruded strips to custom hybrid carbon and glass
fiber strips have been used in the laboratory studies.
Based on the work to-date a custom FRP strength-
ening strip, called SafStrip™, has been designed
and produced. The strip has a high longitudinal
tensile strength and stiffness and a high bearing
strength and is manufactured by Strongwell (Chat-
field, Minnesota, USA). Currently produced FRP
strips are 102 mm wide and 3.2 mm thick. The rein-
forcing fibers in the FRP strip are a combina-
tion of unidirectional carbon and E-glass fibers and
E-glass continuous strand mats. The resin system is a

Figure 1. 30.5 m-long roll of SafStripTM.

vinylester system formulated for the pultrusion pro-
cess. It is important to point out that conventional uni-
directionally reinforced pultruded carbon FRP strips
currently available on the market cannot be used with
the MF-FRP method, since they do not have sufficient
bearing strength and will split longitudinally.

The strips are supplied in rolls (Figure 1) and cut to
the required length. If the concrete is to be predrilled
(as recommended) the strips are then also pre-drilled
at the required fastener spacing with holes to receive
the fasteners. The strip is then used as a template for
predrilling the concrete and for inserting the fasten-
ers. If the concrete is not predrilled then the fasteners
can be “shot” directly through the FRP strip into the
concrete.

The drilled holes in the strip should not be over-
sized. Holes should be drilled the same diameter as
the fastener shaft. In addition, fasteners should not
be “overdriven” such that they crush the FRP strip
and prevent shear-out failure of the strip at the fas-
tener locations. PAF guns can be used at different
charge levels and many have fine power-level adjust-
ment capabilities (ANSI 1995). Typically, the PAF gun
operator makes a series of trial “shots” into the con-
crete substrate (through the FRP strip) to determine the
charge level required to obtain the desired embedment
with the chosen fastener.

3 LABORATORY TESTING

3.1 1.2 m long rectangular beams

In 1999 a preliminary investigation of the feasibility
of the MF-FRP method of strip attachment was first

4



Figure 2. Standard FRP strip attached to underside of 1.2 m
beam with powder-actuated fasteners.

conducted on 35 small rectangular reinforced concrete
beams (Lamanna 2002). The beams measured 152 ×
152 × 1220 mm and were tested in four-point bending
on a span of 1067 mm (shear span of 432 mm). The
beams were reinforced with 2 #4 grade 60 deformed
steel bars and #2 grade 40 smooth steel stirrups at
a spacing of 58 mm on-center. A variety of fasteners
and fastener layouts were considered with a number of
different E-glass reinforced FRP strips. An example of
a beam with an attached strip is shown in Figure 2. In
this preliminary study, all the PA fasteners where shot
through the FRP strip into the concrete with no pre-
drilling of the strip or the concrete. The purpose of
this study was to determine feasibility of the method
using available glass FRP pultruded materials and not
to obtain “maximum” strengthening. The longitudinal
moduli of the FRP strips used in this study ranged from
14 to 27 GPa and the longitudinal strengths ranged
from 232 to 561 MPa.

The strengthened small beams showed increases
in yield and ultimate moments up to 34% and 30%,
respectively, over the unstrengthened control beams
(Lamanna et al. 2001). Strengthened beams generally
failed due to concrete compression (after steel yield-
ing) with the FRP strip still firmly attached to the beam
with the fasteners. This led to a ductile failure mode
of the strengthened beam. The MF-FRP method was
shown to perform better with lower strength concrete
beams (21 MPa) than with higher strength concrete
beams (42 MPa) due to reduced spalling in the lower
strength concrete when the fasteners were inserted.

3.2 3.7 m long rectangular beams

In 2000 the effect of increasing the scale of the
beams on the MF-FRP method was investigated. Fif-
teen 3.7 m long reinforced concrete beams were tested.
The purpose of this testing was to examine the effect
of different types of FRP strips, fasteners, and fas-
tener spacing on large-scale beams. The beams had
dimensions of 305 × 305 × 3658 mm and were tested
in four-point bending on a span of 3353 mm (shear
span of 1118 mm) at the US Army Corps of Engineers
laboratories in Vicksburg, MS (Bank et al. 2002a;
Lamanna et al. 2001b; Lamanna et al. 2004). The
beams were reinforced with 2 #8 grade 60 deformed
steel bars and #4 grade 60 deformed steel stirrups at

Figure 3. Failure of 3.7 m beam with MF-FRP strip.

a spacing of 102 mm on-center in the shear spans.
A pea-gravel concrete mix was used with a 28-day
strength of 33 MPa. In this study the influence of the
type and number of FRP strips, and the influence of
fastener type and spacing were studied. In addition, the
effect of pre-drilling the FRP strip and the concrete
were investigated and the effect of a higher modu-
lus custom carbon/glass FRP strip (Efrp > 55 GPa) was
studied. The hybrid strip was pultruded with two lay-
ers of 108 mm wide 1.5 oz/ft2 (450 g/m2) continuous
strand mat, 21-113 yield (4400 Tex) E-glass rovings,
and 138-12k standard modulus (Efiber = 234 GPa) car-
bon tows in a vinylester resin matrix. Detailed strain
measurements of the strip were taken during some tests
to determine the strain distribution in the strip and the
loadtransfer mechanisms.

This study demonstrated that with the appropriate
fastener layout and strip properties, strength increases
equal to that of beams strengthened by bonding the
strips were achieved with the MF-FRP method. The
3.7 m beam tests showed increases in yield and ulti-
mate strength up to 13.8 and 20.1 percent for beams
strengthened with pre-drilled fasteners.All beams with
pre-drilled fasteners failed in a ductile manner, in
which the tensile steel yielded first and then the con-
crete crushed with the strip still attached. Continued
application of the load following the crushing of the
concrete eventually caused the FRP strip to detach,
either from the interior of the beam or from the end.
Cover failure also occurred in some cases, however the
strip still remained attached to the beam as shown in
Figure 3.

The beam in Figure 3, beam H1.5-4-Y-AL47D, was
reinforced with a 102 mm wide hybrid FRP strip, with
2 rows of Hilti X-ALH 47 fasteners (with neoprene
backed washers and pre-drilled holes) at 51 mm spac-
ing along the entire length of the strip. Figure 4 shows
a comparison between the applied moment-midspan
displacement of the beam, a control beam with no FRP
strengthening, and a beam strengthened with an iden-
tical externally bonded FRP (EB-FRP) strip.The beam
with the bonded strip failed due to end-delamination
of the strip. It can be seen that the stiffness of the
beam with the bonded strip was slightly higher than
the strip with the MF-FRP beam in both the elastic
and inelastic ranges. The beams both achieve simi-
lar strength increases but the beam with the MF-FRP
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Figure 4. Comparison between control beam and beams
strengthened with MF-FRP and EB-FRP methods.

Figure 5. Axial strain distribution along the MF-FRP strip
as a function of load level.

strengthening had a much high ductility than the beam
with the bonded strip.

Figure 5 shows the distribution of axial strain along
the length of the MF-FRP strip from the beam center-
line to the end of the strip for a very similar beam to
the one described above (fastener spacing was 76 mm
as opposed to 51 mm and behavior was almost identi-
cal). It can be seen that the strain increases linearly
along the length of the strip in the shear span and
that the strain in the strip increases significantly fol-
lowing yielding of the internal steel at approximately
135 kN-m (1200 k-in) (Bank et al. 2002a).

In 2001 a second series of 3.7 m long beams was
tested at the University of Wisconsin (Borowicz 2002;
Bank et al. 2002b). 10 beams were tested in this series.
The beams had the same internal steel reinforcing as
the previous 3.7 m series. The 28 day concrete strength
was 44.7 MPa; slightly higher than the previous series.
The beams were tested in fourpoint bending. The pur-
pose of this series of tests was to investigate the effect
of end-termination length, shear spans, multiple strip
layers, and fatigue loads. All constant moment spans
were 762 mm. The shear spans were 1372 mm in eight
of the beams, and were decreased in two of the beams
to 940 mm and 686 mm, respectively. All FRP strips
were attached with 2 rows of Hilti ALH 47 fasteners

at a 51 mm spacing along the length of the beam. Two
beams (UW3, UW10) were fatigue tested at 2 Hz and
cycled between 20% and 80% of the unstrengthened
control beam’s yield moment. To investigate the effect
of end-delamination the distance from the last row of
PA fasteners to the support point (called the termina-
tion length) was taken as 102, 254 or 305 mm. One
beam was tested with two strips placed (not bonded)
on top of each other.

In addition, two different FRP strips were used in
this series. One strip was pultruded with a grey pig-
ment to make it more “visually compatible” with the
concrete. The other strip was pultruded with no pig-
ment and had a characteristic black color due to the
carbon fibers. Both strips were pultruded with two
layers of 108 mm wide 1.5 oz/ft2 (450 g/m2) contin-
uous strand mat, 21-113 yield (4400 Tex) E-glass
rovings, and 138-12 k standard modulus carbon tows
in a vinylester resin matrix. The intent was to use only
the grey strip that was produced before the black strip.
However, after the first beam test it was discovered
that the grey strip had a significantly lower strength
than expected. The longitudinal strengths of the grey
and black strips according to ASTM D3039 were
494 MPa and 743 MPa, respectively. The open-hole
strengths according to ASTM D5766 were 358 MPa
and 655 MPa, respectively.Although the strips had sig-
nificantly different strengths, their longitudinal mod-
uli (measured to 50% of ultimate only) were the same
(56.5 GPa). It is believed that the low strength of the
grey strips was due to the pigment in the resin that
reduced the bond between the carbon fibers and the
vinylester resin. Three beams (UW2, UW4, UW5)
were tested with the grey strip at different shear spans
(1372, 940 and 686 mm). All the remaining beams
were tested with the higher strength black strip.

The beams tested over the 1372 mm shear span with
a single the black strip failed due to concrete crush-
ing with the strip still firmly attached and achieved
strength increases of 22–24% regardless of the end
distance (UW6, UW7, UW8). The beam with the dou-
ble strip failed due to strip end delamination and
achieved a strength increase of 37% (UW9). The
moment-midspan displacement of the four beams and
the control (UW1) are shown in Figure 6. Beam UW2
strengthened with the grey strip is also shown in this
figure. The premature failure of UW2 due to strip rup-
ture can be seen. After rupture of the strip, the moment
capacity dropped to that of the unstrengthened beam
(UW1).

Figure 7 shown moment versus the strain in the con-
crete and the FRP strip at midspan for beam UW7
which is representative of beams UW6 to UW9. At
concrete failure the maximum strain in the FRP strip
was close to 0.0075 which corresponds to a stress of
424 MPa in the strip which is 57% of the ultimate
strength of the strip and 65% of the openhole strength
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Figure 6. Comparison of MF-FRP beams with 1372 mm
shear spans.

Figure 7. Moment vs strain in beam UW7.

of the strip. On the other hand the maximum strain
achieved in the grey strip in beam UW2 was 0.0065
which correspond to a stress of 367 MPa which is
very close to the open-hole strength of the grey strip
(358 MPa).

The behavior of the beams with the different shear
spans (UW2, UW4 and UW5) is shown in Figure 8.
The beams with the longer shear spans (UW2 and
UW5) failed due to strip rupture, however, the beam
with the short shear span (UW4) failed due to concrete
crushing. Since a control beam for this shear span was
not tested it is not possible to draw meaningful conclu-
sions regarding the strengthening of beams with short
shear spans and further work is needed in this area,
however, it appers that the MF-FRP method may be
advantageous for strengthening short beams.

The beams (UW3 and UW10) subjected to fatigue
load both failed due to rupture of the internal steel rein-
forcing bars and not due to failure of the FRP strip or
the PA fasteners. Beam UW3 failed after 1,780,000
cycles (2,000,000 was the target) and beam UW10
failed after 759,00 cycles (using a slightly different
set-up). After every 200,000 cycles the cyclic load
was stopped and a static load-deflection test was per-
formed. The static load-deflection tests for beam UW3
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Figure 9. Stiffness change due to fatigue load in beam UW3.

are shown in Figure 9 (the initial static load cycle is
the first line to the left of the figure). It can be seen
that very little stiffness degradation occurred in the
MF-FRP beam after the first 200,000 cycles.

3.3 8.8 m long T-beams

In 2001 a series of full-scale bridge T-beams strength-
ened with the MF-FRP method were tested at the
US Army Corps of Engineers laboratories (Bank
et al. 2002b, Borowicz 2002). The T-beams were
8839 mm long, with a 1524 × 203 mm flange and a
559 × 305 mm web (762 mm total depth). The beams
were tested in four-point bending on a 8534 mm span
with a 1524 moment span and 3510 shear spans. They
were reinforced with #9 grade 60 deformed steel bars
in the bottom of the web and #4 stirrups at 305 mm
spacing. The flange was reinforced with a double layer
of #4 bars at 305 mm in both directions. Beams were
fabricated at the Corps of Engineers. The average 28
day concrete compressive strength was 30 MPa. At the
time of the beam tests the average concrete strength
was 36 MPa.Three different levels of tensile steel rein-
forcement were used, identified by the number of #9
main bars, A3, A5 and A8 (i.e. 3, 5 or 8 #9 bars, res-
pectively). The objective of this testing was to deter-
mine if the MF-FRP method could be used to perform
rapid (i.e. in a few hours) field strengthening of bridges
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Figure 10. Attaching MF-FRP strip to T-beams.

for military purposes. The T-beam dimensions and
steel reinforcement levels were taken to represent typ-
ical T-beam bridge girders constructed in the US in the
1960s.

For each reinforcement level 3 different strength-
ening levels were used – no strengthening (Control),
one hybrid FRP strip (Test 1) and two hybrid FRP
strips (Test 2) having the same properties as the “black”
strips used on 3.7 m beams tested at UW.All beams had
the FRP strips fastened with Hilti XALH powder actu-
ated fasteners (47 or 52 mm long) in two rows 51 mm
apart and spaced at 51 mm along the entire length.
All strips and holes were predrilled. The strips were
attached from the underside of the beams as shown in
Figure 10 to simulate field conditions.

In the A3 and A5 controls it was not possible to
achieve ultimate failure of the beams due to the large
displacement required. Only the A8 beam reached its
ultimate load. All the strengthened beams failed due to
strip delamination before achieving compressive fail-
ure in the concrete. Beams with the single FRP strip
were tested with a termination length of 482 mm, while
beams with double strips were tested with a termina-
tion length of 76 mm. (The longer termination length
for the single strips was to simulate field conditions
where access to the support point would not be feasi-
ble for practical reasons.) Beams showed increases of
between 10 and 20% in strength at yield and at ultimate
load. Figure 11 shows the moment versus displacement
data for all nine tests.

The beams with the single strips and the longer ter-
mination lengths failed due to end-delamination after
significant shear-out failure in the strips (Figure 12),
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Figure 11. Test results for 8.8m long T-beams.

Figure 12. Shear-out failure at end of strip in A3-1.

Figure 13. Delamination failure of strip in A3-2.

while the beams with the double strips with the shorter
termination lengths failed due to interior delamination
at a flexural crack (Figure 13).

It can be seen that the bearing/shear-out delami-
nation failure is significantly more ductile than the
interior delamination failure and that the beams with
the single strips ultimately achieved the same or
greater strength increases as the beams with the dou-
ble strips. The double strips were not as effective as the
single strips due to premature delamination failures in
the beams with the thicker (double) strips.
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In order to investigate this issue further a second
series of 8.8 m T-beams was tested at the US Army
Corps of Engineers in 2002. The purpose of this series
was to investigate the use of expansion anchors to pre-
vent end-delamination failures, to try to improve the
performance of beams with multiple strips (one, two or
three), and to conduct a fatigue test on a T-beam (Bank
et al. 2003). Six beams were tested in this series. All
beams had 5 #9 main steel bars. Five beams were sub-
jected to monotonic loading to failure and one beam
was subjected to 2 million cycles of fatigue loading.
The monotonically loaded beams were tested in the
same manner as the first series of T-beams. The fatigue
beam was tested in three-point bending with a single
actuator at midspan cycled at 2 Hz between 96 and
284 kN-m (approximately 50% of the yield moment).

The monotonically loaded beams included one con-
trol beam, a beam with a single strip and 2 end anchor
bolts at each end (SS18), a beam with a double strip
and no anchor bolts (DS18), a beam with a triple strip
with anchor bolts (TS18), and a beam with a double
strip and a short termination length and no anchor
bolts (DS3). Test results for these beams are shown
in Figure 14.

In this series, increases in capacity over unstrength-
ened control beams of over 25% were obtained. All
beams failed due to strip enddelamination (with shear-
out failure in SS18). Ultimate compression failure
of the control beam occurred at 250 mm of midspan
deflection.Two 64 mm long by 13 mm diameter expan-
sion anchors were seen to significantly delay end-
delamination of the strips and to increase both the
deflection and load at failure. Shorter termination
lengths (3 inches versus 18 inches from the sup-
port) also increased strengthening by delaying end-
delamination. The use of multiple FRP strips (in
unbonded layers) did not yield significant increases in
capacity of the strengthened beams over single strips
due to premature end-delamination failures and the
inability of the fasteners to transfer load into the outer
strips.

The beam subjected to the fatigue loading (same as
SS18) sustained the full 2 million cycles with almost

Table 1. Properties of FRP strips used in 7.3 m beams.

Mean SD COV
MPa MPa %

Ultimate Strength 844 77 9.2
Open-hole Strength 640 49 7.6
Sustained Bearing Strength 234 10 4.3
Modulus of Elasticity 61.3 5.3 8.6

no degradation of the strengthening system nor change
in stiffness of the beam (Bank et al. 2003).

3.4 7.3 m long rectangular beams

In 2002, four beams 7320 mm long with nominal
cross section measurements of 508 × 508 mm were
fabricated and tested at the University of Wisconsin-
Madison (Arora 2003; Bank &Arora 2004). One beam
(C-1) was used as an unstrengthened control beam,
two beams (FRP 1 and FRP 2SS) were used to deter-
mine the behavior of the strengthened beam with two
FRP strips fastened using galvanized steel fasteners or
stainless steel (SS) fasteners, respectively. One beam
(FRP 3) was used to determine the behavior of the
beam strengthened with 3 strips.

The beams were reinforced with 3 #7 grade 60
deformed main bars and #4 closed stirrups at 200 mm
spacing. On the day of testing the concrete strength
was 34 MPa. Beams were strengthened with a sec-
ond generation hybrid glass/carbon FRP strip and with
HiltiALH 47 galvanized steel fasteners or Hiti CRS 44
stainless steel fasteners. In each strip a single row of
fasteners at 102 mm spacing along the length was used.
In addition, either carbon steel or stainless steel end
anchors (Hilti Kwik Bolt (KB) II Expansion Anchors)
were used at the strip ends (also at 102 mm spacing).
The beams were tested in fourpoint bending over a
span of 6528 mm with a constant moment span of
762 mm. The beam geometry was chosen to represent
a “unit width” of the fieldtested bridge described in
what follows.

The second generation hybrid FRP strip, known as
SafStriptm, was pultruded with two layers of 108 mm
wide 1.5 oz/ft2 (450 g/m2) continuous strand mat,
16-113 yield (4400 Tex) E-glass rovings, and 40–48 k
standard modulus carbon tows in a vinylester resin
matrix. The FRP strips were tested at the University
of Wisconsin for ultimate tensile strength, open-hole
tensile strength, longitudinal tensile modulus, and lon-
gitudinal bearing strength as per ASTM standards
D3039, D5766 and D5961, respectively. Five spec-
imens were used for the longitudinal tests and 10
specimens were used for the bearing tests. The test
results are shown in Table 1.

Strips were attached from the underside with the
beams supported at their ends. The strips and concrete
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Figure 15. Test results for 7.3 m beams.

were pre-drilled as described previously. All the
strengthened beams failed due to concrete compres-
sion crushing with the strips still firmly attached. At
this point, a drop in load carrying capacity was seen,
however, the beams continued to carry significantly
more load than the unstrengthened beam. This indi-
cates that the FRP strengthening system was active
well beyond concrete compression failure. Ultimately
the FRP strips failed due to bearing or splitting at very
large displacements. The moment-midspan deflection
plots for the four beams are shown in Figure 15.

The strengthened beams (FRP 1, FRP 2SS, and FRP
3) achieved increases in yield moments of 18, 23 and
25 percent, and increases in ultimate moments of 33,
38 and 58 percent, respectively over the control beam.
It can be seen that the compression failure occurred
at different ultimate displacements in the different
beams.Therefore, the strengthening achieved at equiv-
alent displacements is even higher than listed above.
At a displacement of L/64 (102 mm), the strength
increases were 50, 55 and 71 percent respectively.

4 FIELD TESTING

In 2002 a concrete bridge was strengthened in the field
with the MF-FRP method (Bank et al. 2003; Arora
2003)The bridge was a 7.3 m long flat slab bridge (No.
P-53-702) located on Stoughton Road over Saunders
Creek in the City of Edgerton, Wisconsin, USA. The
bridge was originally constructed in 1930 for an H15
truck loading and was 7.9 m wide.The bridge strength-
ening was designed to increase the bridge load rating
from its existing insufficient HS17 to an HS25 rat-
ing. This required an increase of 29% in the nominal
flexural capacity of the bridge (AASHTO 1996).

Figure 16 shows a picture of the bridge. The bridge
was strengthened with 21 FRP strips spaced at 305 mm
on-center across the bridge width. The 11 strips in the
center were fastened with ALH 47 fasteners while the

Figure 16. Bridge P-53-702.

Figure 17. Cross-section of bridge.

Figure 18. Workers installing FRP strips under bridge.

outer 10 strips were fastened with CRS 44 stainless
steel fasteners. Figure 17 shows a cross-section of the
bridge and the FRP strips.

The bridge slab was 508 mm thick. Over the years
an asphalt overlay approximately 150 mm thick had
been placed over the concrete. The bridge was severely
deteriorated and had extensive cracking of the slab.The
bridge was reinforced with 25 mm square ribbed steel
rebars at 150 mm on center having a yield strength
of 230 MPa. The FRP strips were attached in August
2002 and they remained in place until June 2003 when
a failure load test was conducted on the bridge prior to
its scheduled demolishion. Local county maintenance
workers installing the strips are shown in Figure 18.

The bridge was strengthened for a total cost of (all
materials and labor) of $8000 or $138/m2 (includes
147 m of FRP strip at $30/m). The strips remained
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Figure 19. Failure load testing of the MF-FRP strengthened
bridge.

attached to the bridge throughout the winter of 2002–
2003 while it was open to regular traffic. Average win-
ter temperature in south-central Wisconsin is −10◦C.
Prior to the load testing in June 2004 the condition of
the strips and the fasteners was examined. The qualita-
tive examination revealed minor corrosion damage to
the ALH fasteners and no corrosion to the CRS fasten-
ers.All strips were still firmly attached to the underside
of the bridge. No deterioration of the FRP strips was
seen and laboratory testing of strips removed from the
bridge showed no loss of longitudinal strength or stiff-
ness (Borowicz et al. 2004). The concrete was tested
using a rebound hammer and was found to have a com-
pressive strength of approximately 15 MPa. This value
was close to the AASHTO (2000) recommended value
of 17 MPa for concrete of this era. Attempts to extract
cores for compression testing were unsuccessful due
to the poor condition of the concrete.

The failure load test was conducted by a team
of researchers from the University of Missouri-Rolla
under the supervision of Prof. A. Nanni. The bridge
deck was sectioned into two approximately 1000 mm
wide by 508 mm deep (not including the overlay) test
sections and a load frame with hydraulic rams was
used to apply load to the sections in four point bend-
ing with a 1524 mm constant moment span. Figure 19
shows the bridge during testing. A portion of the over-
lay was removed at the center of the test section to
attach strain gages to the concrete and to observe the
compression crushing of the concrete.

The first section (West section) to be tested was
strengthened with the original 3 FRP strips installed in
August 2002. Unfortunately, due to the concrete over-
lay (and the lack of a saw blade larger than 635 mm
cut depth) two of the three longitudinal saw cuts did
not cut completely through the full depth of the deck.
A 20–30 mm deep part of the bottom cover remained
attached between the two sections along the full length
and between the East section and the remainder of
the deck along a 4 m central section. This caused the

Figure 20. Results of field tests.

West section to deflect with the East section until the
steel yielded and the sections broke apart. This com-
plicated the interpretation of the test. Because of this
an additional two FRP strips were added to the sec-
ond section (East section) to obtain additional data on
the strengthening capability of the MF-FRP method.
Unfortunately, this meant that a control section was
not tested (as originally intended for the East section).
However, the test data were compared with a scaled
version of the control beam tested in the laboratory.
Compassion between the moment and the midspan
deflection of the two test sections tested together with
a scaled (for width and moment span differences, but
not for concrete strength) is shown in Figure 20. This
gives an indication of the behavior of the strengthened
sections. The behavior of the section with the 5 strips
(East section) is felt to be a more reliable result. In this
East section, we see clear evidence of yielding of the
section which is followed by a non-linear regime cor-
responding to the strengthened section. This behavior
can be compared qualitatively with that of the FRP
strengthened 7.3 m beams tested in the laboratory and
shown in Figure 15.The larger stiffness of the deck sec-
tions in the elastic range is attributed to the sections
not being fully separated in this range.

In the field tests, the displacement gages (LVDTs)
were removed from under the bridge at approximately
100 mm of midspan deflection. By this time compres-
sion failure in the top flange was clearly evident and
FRP strips were still firmly attached. Load applica-
tion was continued without data acquisition to attempt
to achieve ultimate failure of the strengthening sys-
tem. The West section failed due to shear failure of the
concrete at a displacement of approximately 200 mm.
At this time the FRP strip detached from one end. In
the East section it was not possible to cause failure
of the MF-FRP system. At approximately 175 mm of
displacement, the loading was halted due to safety
concerns as the previously tested West section had
been dragged downwards by the East section and was
in danger of completely collapsing into the riverbed.
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Figure 21. Failure of the West section.

Figure 22. Failure of the East section (foreground) and West
section (background).

Figure 21 shows a view from under the bridge after
completion of the test on the West section. Figure 22
shows a view from under the bridge after comple-
tion of the test on the East section. The very large
displacements of the sections can be seen.

5 ANALYTICAL MODEL

A strength model was developed to predict the ulti-
mate flexural strength of reinforced concrete members
strengthened with the MF-FRP system (Bank & Arora
2004; Arora 2003). A moment-curvature model was
also developed for research purposes (Lamanna et al.
2002). It is assumed that concrete compression fail-
ure occurs at a strain of 0.003 and that plane sections
remain plane. In addition, it is assumed that FRP
strip has a pseudo elasticperfectly plastic behavior
when attached with discrete mechanical fasteners.This
assumption implies that the FRP strip behaves in a lin-
ear elastic fashion up until the bearing failure of the
FRP strip and thereafter the strip carries a constant load
as progressive shear-out failure occurs at each fastener

location. This is quite different from the behavior of
an externally-bonded FRP strip that has a linear elas-
tic behavior up until strip rupture or delamination.This
behavior is unique to the MF-FRP method and gives
the strengthened beam its ductility. The tensile force
in the FRP strip at any point along its length is equal
to the shear force transferred into the strip by all the
fasteners in the corresponding shear span (or shear
transfer length) of the beam. The force transferred by
each fastener is a function of the bearing stress at the
hole in the FRP strip (σb), the fastener diameter (φb),
and the strip thickness (tstrip).

This means that the force transferred to the FRP strip
(Tfrp) is directly proportional to the number of fasteners
(N ) and end anchors (M ) available at a point along the
length of the strip and is given as,

where Pf and Pa are the force transferred by the fas-
teners and the anchors, respectively. The tensile stress
in the FRP strip at a point along the strip can be related
to the tensile force in the strip. When shear-out fail-
ure occurs (denoted by the subscript b for bearing) the
stress in strip (ff ,b) is given as,

It is further assumed that when concrete compression
failure occurs at the section flexural capacity, after the
steel has yielded, the Whitney rectangular stress distri-
bution can be used to determine the compressive force
resultant in the concrete. Using ACI 440 notation, the
flexural capacity can be determined from,

where, Af = ns × Astrip, ns is the number of strips, ds
and df are distances from the extreme compression
fiber to the centroid of the steel and FRP, respectively.
The neutral axis depth in this situation (i.e. steel and
FRP strip “yielding” prior to concrete compression),
c = a/β1, is given as,

This is analogous to the situation of a conventional
steel under-reinforced section. The MF-FRP strip can
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Table 2. Comparison between model predictions and test results.

Fastener Anchor Ultimate Ultimate
bearing bearing Stress in Area of moment moment
load load FRP strip FRP strips (predicted) (experiment)
Pf ,b Pa,b ff ,b Afrp M calc

n M exp
n

Beam (N) (N) (MPa) (mm2) (kN-m) (kN-m) % Difference

C1 – – – – 219 283 −22.6
F1 3345 9452 421 645 352 376 −6.5
F2 2989 9452 383 645 340 389 −12.7
F3 3345 9452 421 968 416 447 −6.9

N = 35 and M = 2 in each shear span for all beams.

be thought of as a secondary “yielding” layer of
reinforcement that “yields” after the steel yields, on
condition that the number and spacing of fasten-
ers is correctly proportioned in the design procedure
(described in what follows). What is unique about
this “yielding” is that the designer can choose the
“yield stress”; it is not only a function of the material
properties as with conventional materials. A compar-
ison between analytical predictions and the results
of the tests on the 7.3 m long beams (renamed C1,
F1, F2, and F3 respectively) are shown in Table 2.
Note that in all cases the stress in the FRP strip at
ultimate is less than the open-hole strength of the
strip (640 MPa).

6 DESIGN PROCEDURE

The design procedure is to first determine the required
(strengthened) ultimate moment and then to determine
the number of fasteners their spacing, and the number
of strips. The strengthened section must be designed
as under-reinforced so that the strip will develop the
sustained shear-out failure prior to concrete crushing.
The balanced condition in which the concrete fails in
compression at εcu = 0.003 when the FRP begins to
fail in bearing at ff ,b is given by the following equality,

with ff ,b given by Eq. (3). Note that ff ,b appears on both
sides of the equation. For a selected number of strips
this yields a quadratic equation for ff ,b. Eq. (3) is then
used to determine the number of fasteners required in
the shear span. It is recommended that the actual ff ,b
used in the design not exceed 0.75 the “balanced” ff ,b
given in Eq. (6) to ensure ductile failure of the MF-FRP
strengthened beam.

Following ACI 440 (2002) recommendations an
additional strength reduction factor (�f = 0.85) for the

FRP is introduced and the nominal moment capacity
is given as,

At this time the resistance factor, φ, is also taken
following ACI 440 (2002). Since the design method
requires a ductile shear-out failure of the FRP strip,
εs will far exceed 0.005 so that φ = 0.9. The factored
moment capacity is then given as φMn. Following ACI
440 recommendations, the guaranteed ultimate open-
hole tensile strength should be determined from the
mean minus 3 standard deviations of a minimum of
25 test specimens. It is important to ensure that the
stress in the strip remain below the guaranteed open-
hole strength of the strip to prevent rupture of the strip
prior to sustained shear-out failure. At this time it is
recommended that the mean sustained shear-out (bear-
ing) strength of the strip (and not the mean minus 3
standard deviations) be used in design when calculat-
ing the stress in the strip at shear-out failure since this
failure mode is desirable.

The remainder of the design is a function of detail-
ing considerations. After the number of fasteners has
been determined, the designer must ensure that there is
sufficient shear transfer length to accommodate all of
the fasteners. This depends on the available shear span
length but also on the spacing between the fasteners.
At this time, a fastener spacing of 100 mm is recom-
mended to prevent pry-out failure of the fasteners.
The use of only one row of fasteners along a 102 mm
wide strip and the use of single strips (i.e. no double
or triple layers) only is recommended. Pre-drilling of
holes is recommended, as is the use of fasteners with
neoprenebacked washers. Although many of the labo-
ratory beams were successfully strengthened without
end anchors, two end anchors at each end of the strip
are recommended at this time. Extending the FRP strip
as close as possible to the support or beyond a point of
inflection is also recommended at this time to prevent
peeling delamination failure at the strip end.
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7 CONCLUSIONS

An overview of the experimental and theoretical
research on the Mechanically-Fastened FRP method
has been presented in this paper. Based on the experi-
mental investigations conducted to date it appears that
the MF-FRP method may be a promising method for
strengthening concrete members, particularly where
speed of installation and immediacy of use is imper-
ative, and the strengthening is intended for a limited
lifetime (e.g. when it is known that the structure will
be replaced in the foreseeable future.) The method is
particularly attractive since very little surface prepa-
ration of the concrete is needed and a ductile failure
mode is obtained in the strengthened members.

Research is needed to determine the long-term
durability of the MF-FRP method. Issues of galvanic
corrosion, degradation of the strips at the holes, and
environmental effects on pry-out failures of the con-
crete all need to be studied in greater depth. Design
issues also need to be studied further to gain a better
understanding of how to control the shear-out failure
mode that gives the MF-FRP method its desirable duc-
tile behavior. Further investigations of the effect of
shear transfer length are needed, as are further tests
on the FRP strips currently being produced for the
MF-FRP method. The author encourages the research
community to experiment with the MF-FRP method
and to help to uncover its unique benefits.
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developments
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ABSTRACT: The last thirty years has shown very great progress in the utilisation of polymer composites in the
civil engineering infrastructure. This paper reviews the present uses and successes of fibre reinforced polymer
(FRP) composites and gives possible reasons for this achievement; but, in addition and more importantly,
investigates their limitations and how these might be improved or whether inevitably they must be accepted. The
strengths and limitations of the composites are a function of two main property divisions, namely, their mechanical
properties and their in-service overall durability under aggressive and changing environments. These two areas
must be investigated, under static and fatigue loading from a short and a long term loading situation, before
a proper assessment of the utilisation of the material for a specific structural application can be made. This
paper demonstrates, through illustrative examples, that the over-riding concern for the future use of composites
in construction is the durability of polymers associated with its permeability when it is exposed to adverse
environmental conditions such as moisture and salt solutions over long periods of time. A potential technique,
which utilises nanotechnology to improve the barrier properties, fire resistance and the strength of the polymer,
is discussed. It is concluded that this technique could have positive advantages for adhesives and surface coatings
as well as for FRP composites.

1 INTRODUCTION

1.1 The current developments of fibre reinforced
composites in the civil infrastructure

Since they were first seriously considered for use
in the construction industry some thirty-five years
ago, advanced polymer composites have made great
advances compared with the more conventional mate-
rials, these latter having evolved over the last century.
The uses of fibre-reinforced polymer (FRP) compos-
ites in construction can be conveniently divided into
specific areas, which will be discussed from their
utilisation advantages and their limitation point of
view associated with their in-service and mechanical
characteristics.

• All composite structures – these systems can be
divided into two specific categories, (a) the substi-
tution of the traditional materials with the new FRP
material, (b) the new material-adapted concepts.

• External reinforcement of concrete structures, (i)
flexural and shear upgrading of RC beams and slabs,
(ii) wrapping of concrete columns, (iii) near surface
mounted (NSM) FRP rods or strips for upgrading
RC, timber and masonry beams, (iv) flexural and

shear upgrading of metallic structures, (v) seismic
retrofit of RC and masonry structures.

• FRP composite rebars used as internal reinforce-
ment to concrete.

• Replacement of degraded bridge deck systems with
fibre/matrix composites.

• Miscellaneous.

2 ‘ALL FRP COMPOSITE’ STRUCTURES

In civil engineering the manufacture of composite
materials has generally been evolved from those used
in the aircraft and marine industries. The manufactur-
ing process, the intrinsic lightweight and the tailorabil-
ity of composites have enabled the integration of form
and function to be used to install large and unsup-
ported systems. Furthermore, given time for the public
acceptance of these changed structural forms and for
a greater knowledge of the long term properties of the
composite material it can be expected that these forms
will be more extensively utilised into the 21st century.
Composite structural systems, up to the present, have
generally been designed by a consideration of the pris-
tine mechanical and short term in-service properties
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of the material and in some cases the performance
of accelerated tests to provide long term durability
estimates. The introduction of new structural systems
involving new materials generally takes from 20 to 40
years to be completely accepted. Thus the ‘all compos-
ite’ systems produced to date have, in the main, tended
to be single prestigious structures; one exception to
this statement is the FRP composite bridge deck, this
structural system is treated separately in Section 5.
One building and one bridge structure will be given as
illustrative examples of the ‘all composites’ technique.
These structures have been chosen as both are more
than 10 years old, but show little or no sign of dete-
rioration and, in addition, are given as an illustrative
example of the ‘building block’ technique, which is an
ideal system to be used to form ‘all FRP composite’
structures.

2.1 Building

The Lancashire GFRP Class Room System, UK, 1974
(Figure 1) [this comes under the new material adap-
tive concept category]. This is one of the first, and
is an excellent example of an ‘all FRP composite’
structure using identical lightweight ‘building blocks’,
manufactured from randomly orientated glass fibre in
a polyester resin. The whole structure was then fabri-
cated by bolting these units together; a watertight seal
was placed between the units using a preparatory seal-
ing compound. At the time of construction, the mate-
rial was estimated to have durability advantages, but
these were based upon relatively short-term tests and a
possible lack of understanding of the causes of degra-
dation. One disadvantage of this type of construction
is its ‘futuristic’architecture, which the general public,
at present, may not be prepared to accept.

2.2 Bridges

Bonds Mill Bridge, UK, 1995 (Figure 2) [this sys-
tem falls into the substitution category]. The bridge
was manufactured from ten identical pultruded Maun-
sell Planks [building blocks] to form a box cell beam
(ACCS-FRP elements forming the walls of the box
beam). The planks were bonded together and special
dog-bone units held the planks during adhesive curing.
At the time of manufacture, this 9 metre span bridge
attracted considerable interest, but in-spite of this, the
structural concept has not progressed to any significant
degree in the UK, but is being used more frequently
in the USA. The continuing monitoring, at Bonds Mill
Bridge, of the material to observe any degradation will
be of scientific value.

The strengths of the ‘building block’ systems lie
in (a) the construction of identical units and there-
fore an utilisation of a production line. (b) The
controlled mechanised/manual factory manufacture

Figure 1. GFRP Composite Class Room System – 1974
conceived by Lancashire County Council UK.

Figure 2. Opening ceremony of the Bonds Mill Lift-bridge.
Gloucestershire UK – May 1994 (by kind permission of
FaberMaunsell, London).

and fabrication of identical structural units. The trans-
portation to site of the lightweight units presents no
particular problem.

The limitations of the ‘building block’ system (a)
due to the layered and fibre dominated structure of the
FRP composite its most efficient use is under in-plane
stress which indicates a structural form of membrane
or thin shell construction. However, most structures
are required to take some moment and for the building
block systems this would require a finite analysis and
design approach, which does not lend itself to design
code approaches. (b)The limited information available
on the long term mechanical and physical properties
of the FRP and adhesive joining materials of the com-
ponents. Clearly, the durability of the material for civil
engineering applications is equally important as that
of the intrinsic strength and mechanical performance
of the structure. One problem with these structural sys-
tems exposed to the natural environment is the ingress
of moisture into a closed hollow section; this situa-
tion might not become apparent for a number of years
after construction. Reducing the permeability of the
composite will alleviate this problem, to a degree;
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a possible method to enable the permeability of the
material to be improved is given in Section 8.

3 EXTERNAL REINFORCEMENT TO
CONCRETE AND STEEL STRUCTURES

3.1 FRP plate bonding

There is no doubt that during the last two decades
the use of fibre-reinforced polymer (FRP) composite
materials for external strengthening of civil engi-
neering structures has emerged as one of the most
promising techniques in materials and structural engi-
neering. However, some mechanical properties such
as the creep and fatigue of the FRP composite mate-
rial, the long term behaviour of the adhesive and
in-service properties such as durability and fire per-
formance of the FRP composite, etc. require further
investigative work.

The FRP material used for composite plate bond-
ing to upgrade RC beams is generally fabricated by
one of three methods, namely (a) the pultrusion tech-
nique (a pre-cast FRP plate), (b) the prepreg method
(either a FRP pre-cast plate or a FRP system fabricated
in place) and (c) the resin infusion method (a system
fabricated in place). Currently, the preferred method is
pultrusion and this implies that, (i) the material cannot
be reformed and that (ii) a two-part epoxy adhesive
for joining is most likely used. In applying external
reinforcement to beam members, the effectiveness of
the strengthening scheme is highly dependent upon the
bond between the composite and the concrete member
and the condition of the cover concrete.There are three
major areas, which are currently receiving particular
attention, these are (i) the long term bonding character-
istics of the adhesive, (ii) the durability of the compos-
ite plate, and (iii) the effectiveness of the strengthening
scheme when the plate is bonded on to a curved soffit
formed under bending forces. Currently, items (i) and
(ii) are the major concerns for the civil engineer.

To date, advanced polymer composite materials
have been used to upgrade a relatively small number of
steel structures compared to those of RC. Furthermore,
only a limited amount of research has been conducted
on the application of these materials to steel struc-
tures, (Mosallam & Chakrabarti 1997, Liu et al. 2001,
Tavakkolizadeh & Saadatmanesh 2003 and Photiou
et al. 2004a). Nevertheless, the tensile strength and
modulus of elasticity of the ultra-high modulus car-
bon fibre/polymer (UHM-CFRP) or the high modulus
carbon fibre/polymer (HM-CFRP) composites make
them ideal potential candidates for upgrading steel
structures but it is necessary to appreciate the possible
restrictions of both their mechanical characteristics,
(namely, the very low ultimate strain value of the
UHM-CFRP, approximately 0.4% strain and the lim-
ited stiffness of the HM-CFRP compared with steel).

Consequently, the mechanical properties of the carbon
fibre used in the composite must be chosen carefully.
Another potential problem using CFRP composites is
the large differential coefficient of thermal expansion
between the steel and the FRP composite when in a
situation of temperature fluctuations.

The strengths of these rehabilitation systems for
concrete, steel, timber and masonry structural mem-
bers are associated with the favourable intrinsic prop-
erties possessed by the CFRP material such as, high
specific strength, good corrosion resistance and mag-
netic neutrality, and they have proved advantageous
over other upgrading materials. In addition, the advan-
tage of prepreg materials, with a compatible film
adhesive system for metallic and timber structures,
over that of the precast plate with a two part adhesive
system, lies in the site fabrication of the composite
and the adhesive system, Photiou et al. (2004b). The
curing procedure for this operation would invariably
be undertaken at a slightly raised temperature above
ambient and would allow the two resin components to
surface mix, introducing a greater degree of molecular
interlocking.

The limitations of a well-designed FRP plate bond-
ing system to RC beams are a lack of long-term
knowledge of the load carrying characteristics, and the
long-term durability characteristics of the composite
material and of the adhesion between the two dissim-
ilar adherends. Furthermore, in the case of upgrading
metallic systems there is very limited understanding of
the consequence of the two vastly different coefficients
of thermal expansion of the two adherends. Arguably,
the area where there is the greatest dearth of well-
documented data for FRP composite is associated with
the durability, the ingress of moisture and salt solutions
in regions of adverse environmental conditions. A dis-
cussion of a potential method of improving the barrier
properties of composites is given in Section 8.

3.2 Near surface mounted (NSM) FRP rods

The introduction and utilisation of NSM rods is a
valid alternative to the externally bonded FRP plates.
It is used for the strengthening of deficit reinforced
concrete or timber members and masonry walls. The
application does not require the preparation of the
concrete surface.

Whereas the composite material for strengthening
concrete members is generally CFRP, the material used
for timber and masonry is GFRP. NSM rods have also
been use for structural repairing of masonry structures,
Tinazzi et al. (2000) and DeLorenzis et al. (2000).
Installations of FRP rods have been undertaken for
the repair of historical monuments, La Tegola et al.
(2000) and IMTCR (2004).

The strengths of these systems lie in (i) the fact that
the rods are protected from the external environments;
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they are completely surrounded in adhesive paste,
(ii) the ease and speed of erection of the FRP rods due
to their lightweight properties, (iii) the optimisation of
the grooving process, and (iv) the bonding character-
istics of the FRP rods. This implies that, in item (i), the
alkaline and other salts in the cements do not influence
the paste. If this is so, the rods will not be suscepti-
ble to chlorides or carbonation initiated corrosion in a
concrete environment.

The limitations of the NSM FRP rods are that they
are susceptible to failure by de-bonding, particularly
when the grooves are cut into, say, the soffit of a con-
crete beam. Therefore, before this technique can be
used with complete confidence, further investigative
work is required to be undertaken on the end bond
behaviour of NSM reinforcement, particularly, the
development of anchorage lengths, the groove width-
to-depth ratio and the possible use of FRP laminates
to confine the NSM joint to increase its bond strength
and ductility. Of vital importance is the understand-
ing of the interaction between flexural/shear cracking
and bond stresses. Research work is required to deter-
mine the most relevant geometrical shape of the FRP
rod. Currently, little work has been undertaken on the
dynamic behaviour or on the thermal and durabil-
ity characterisations of such structural systems. The
majority of the limitations mentioned above are issues
that can only be addressed after significant testing and
research has been undertaken into this technique. The
real limitation of the system is associated with the
long-term understanding of the adhesive properties of
the bonding paste and degradation of the FRP rods
from moisture ingress and alkaline attack.

3.3 Seismic retrofit of RC structures

FRP composite wraps are used for seismic retrofit
purposes. The composite material can be applied to
the columns in the form of a prepreg or by dry
fibres, which are then impregnated with a resin. This
technique is also used to repair reinforced concrete
columns where steel corrosion has taken place. For
protection of the polymerised composite material,
an appropriate post fabrication surface treatment is
invariably applied by painting or rendering.

The strengths and limitations are basically simi-
lar to those discussed for the external plate bonding
techniques.

4 FRP COMPOSITE REBARS USED AS
INTERNAL REINFORCEMENT TO
CONCRETE

The mechanical properties of the anisotropic FRP
rebars are considerably more difficult to obtain than
those of the isotropic steel rebar. The strength and

stiffness of FRP rebars are dependent upon (a) the
fibre volume fraction, (b) the method of manufacture
(including curing process and quality control) and (c)
the sectional area, (the loading across the section of the
rebar is not uniform due to shear lag effects, the larger
the cross sectional area the greater will be this effect,
indeed reductions in strength up to 40% for diameter
increases of 9.5 to 20 mm have been reported (Faza &
GangaRao 1993). Thus, the tensile strength and stiff-
ness must be determined by experiment for every type
and diameter of rebar used.

There are various different types of FRP rebars, all
with their specific properties, some of the common
ones are (i) ribbed bars manufactured by a ‘hybrid-
pultrusion’ process, a combination of pultrusion and
compression moulding, (ii) sand-blasted bars man-
ufactured by the pultrusion process and then sand
blasted to enhance the bond characteristics, and (iii)
spirally wound and sand coated bars are manufactured
by the pultrusion process, the surface of the bars are
then spirally wound with a fibre tow and sand covered.

The strengths of FRP rebars lie in the fact that they
do not corrode and are not susceptible to chloride or
carbonation initiated corrosion in a concrete environ-
ment. A constant improvement of component parts
of the rebar is continuously being undertaken. Saint-
Gobain Vetrox (Almenara & Thornburrow 2004) has
recently developed a glass fibre to resist alkali attack.

The limitations lie in the fact that the rebars are
prone to deteriorate due to other degradation mech-
anisms. The concrete pore solution is a potential
durability threat to GFRP reinforcement. Glass fibres
in particular are susceptible to the high alkaline envi-
ronment in the pore solution and in concrete the con-
centration has a pH value of 13–14. To overcome these
limitations, the fibre and the fibre/matrix interface
must be well protected by the matrix material to pre-
vent rapid degradation; however, polymers are known
to be susceptible to alkali ingress and attack. Although
carbon fibres used in rebars are generally consid-
ered to be inert to the salt solutions associated with
cements, the same situation regarding alkali ingress
into the polymer and thence to the interface between
the composite and concrete still exists. This is a further
case where the barrier properties of the resin must be
improved; this problem will be discussed in Section 8.

5 REPLACEMENT OF NEW BRIDGE DECK
SYSTEMS

Composite bridge deck systems are made in different
shapes and forms. Most decks are preparatory products
that are manufactured from glass fibre and vinyl-ester
polymer. They are made with either full depth sections
to conveniently match the typical existing concrete
bridge decks or partial depth section.
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The strengths of the FRP deck panel system is its
ability to, (i) be rapidly deployed and installed on site
and (ii) reduce congestion in the work zone and to
improve safety. The Federal Highway Administration
(FHWA) of the USA is aiming to increase the use of
FRP composite deck applications and is working with
the AASHTO Technical Committee to develop guide
specifications for testing and acceptance of the deck
systems.

The limitations to the use of FRP composites for
deck replacement are (i) the design of an FRP deck
system is complicated and it requires to be undertaken
using a finite element analysis. (ii) Its lightweight
superstructure could become aerodynamically unsta-
ble especially for long span structures. As in any new
innovation and considering the anisotropy of the mate-
rial, the composite components and system requires
validation testing to enable a database for each specific
system. As stated earlier in reviewing other applica-
tions the problem of durability and ingress of moisture
into the composite is possible, particularly during the
winter months in the northern hemisphere when the
bridge surface is treated with salt solution.

6 MISCELLANEOUS

There are numerous examples that could be cited under
this heading; two specific examples will be given here.

Transmission towers. These systems can be fab-
ricated using specially designed interlocking pul-
truded structural elements and are providing immense
advantages over metallic incumbent structures due to
increased durability and ease of installation especially
in areas which are difficult to access.

Membrane structures. The structures, which have
been illustrated in this paper thus far are composed,
generally, of layers of multi-directional fibres embed-
ded in a bonding matrix. This assembly leads to a
composite system that, in-plane, is strong and stiff
along the fibre orientations but is weak through-the-
thickness where the structural behaviour is dominated
by the polymer matrix. It is realised, therefore, that
the most efficient use of composites are under global
in-plane stress situations, such as cable-nets, mem-
branes and thin shells. Burgueño & Wu (2004) have
introduced a FRP composite membrane beam bridge
system made from a FRP membrane working com-
positely with a reinforced concrete deck as a beam-
slab bridge. Their system is an optimised hyperbolic
paraboloid as the surface can be generated by straight-
line segments, which permits principal stress direc-
tions to be closely aligned with the principal curvature
for efficient use of the FRP reinforcement.

These future structures will require the develop-
ment of efficient FRP structural forms, optimisation
techniques and will challenge engineering intuition.

The strengths lie in the inventiveness of such sys-
tems leading to the efficient use of the FRP material.
The imaginative uses of the FRP material must lead to
its greater utilisation.

The limitations of new systems as discussed above
are, the long-term durability and structural character-
istics of the material, the joining techniques and the
time required for acceptance of such techniques. The
cable net and membrane systems would be relatively
thin and will be particularly sensitive to aggressive
environments.

7 METHOD TO ENHANCE THE DURABILITY
OF CIVIL FRP COMPOSITE MATERIALS
AGAINST INGRESS OF MOISTURE/
AQUEOUS SOLUTIONS AND FIRE

The various civil engineering structural examples
illustrated in this paper have all shown that one of
the major concerns with the use of polymer/fibre
composites in the civil engineering environments are
associated with the durability and the long-term char-
acteristics of the FRP material. Durability from a civil
engineering point of view may be divided into five
groups:

• Moisture and aqueous solutions
• Alkaline environment
• Fire
• Thermal effects
• Ultra-violet radiation.

The long term loading conditions in which the
material may have to function are

• Fatigue
• Creep.

The composite systems used in construction have
shown that polymers can be engineered to provide
resistance against moisture and aqueous solutions dif-
fusing into them; however, moisture eventually will
diffuse into all organic polymers leading to changes
in mechanical and chemical characteristics. The pri-
mary effect of diffusion is through hydrolysis and
plasticisation. This process may cause reversible and
irreversible changes to a polymer. The characteristic
of the polymer, which may occur, is a lowering of
the Tg value and in a composite to cause deleterious
effects to the fibre/matrix interface bond resulting in
a loss of integrity. Possible solutions for the reduction
of diffusion through the polymer are to:

(i) apply a protective coating/gel coat on to the
system.

(ii) cure the product at an elevated temperature.
(iii) factory fabrication under controlled conditions,

such as the pultrusion; these composites are man-
ufactured at temperatures of 120◦C–140◦C. This
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ensures low void content, full cure, high lev-
els of overall integrity, a high glass transition
temperature and greater resistance to moisture
degradation compared with the cold curing poly-
mers. Another effective method of enhancing
durability of composites is through the use of
appropriate sizing/finishes on the fibres.

A potential technique for enhancing the resistance
of ingress of moisture and aqueous solutions is by the
addition of nanoparticles into the polymer.

The following section will discuss the technique of
introducing clay nanoparticles into a polymer. Clay
nanocomposite materials are a new and developing
area of nanotechnology that have the potential to offer
many wide-ranging benefits to current matrix poly-
mers. The ability of nanocomposites to increase the
service life of materials subjected to aggressive envi-
ronments could be utilised to increase the durability
of glass and carbon fibre composites. The system has
the potential for lowering the permeability and thus
providing a barrier property to polymers to reduce the
ingress of moisture and salt solutions into them and to
improve the mechanical strengths and fire resistance
of the polymer. These advantages would allow the use
of composite materials in situations where their per-
formance under aggressive environments is currently
thought to be inadequate for the in-service conditions
and to be used with more confidence in their long-term
durability. The section will concentrate upon the first
three environmental conditions mentioned above that
cause FRP materials to degrade with time.

8 THE NANOCOMPOSITE MATERIALS

8.1 Introduction

Chemically treated layered silicates (clays) can be
combined with polymer matrix materials to form a
nanocomposite in which clay layers are evenly dis-
persed through the material. Research has shown that
these high aspect ratio clays alter the properties of the
composite by a number of mechanisms, to increase the
strength and fire resistance and reduce permeability.
A brief description of nanocomposite materials will
be given to illustrate a future possible development
for improved mechanical and in-service properties for
composite systems in construction.

A nanocomposite can be formed from a combina-
tion of two or more materials, as with normal compos-
ites; however, one of the components has nanoscale
dimensions. This allows the nanoparticles to bond
and interact with the other constituent materials on
a nanoscale. In this range the interaction between
atoms and molecules occurs and from which all the
observable material properties are derived. Therefore,
being able to influence bonding and structure on

this level will enable the properties of a material to
be significantly altered. There are many nanoparti-
cles that are being used in the nanocomposite field;
however, the one that has the potential to improve the
durability aspects highlighted is the polymer-layered
silicate nanocomposite (PLSN).

8.2 Clay type and structure

Smectite clays are the most common form of nanopar-
ticles used to produce nanocomposites. These clays
are ideal for use as nanoparticles in nanocomposite
materials due to:

• High strength and stiffness along their length,
reported to be higher than glass fibres (Luo & Daniel
2003).

• High aspect ratios enable large surface areas
(700 m2/g) to be in contact and bond with the
polymer.

• Can be modified more easily than most other types
of clay, this high level of intercalation chemistry
enables the clays to be chemically altered to aid their
bonding and dispersion in the polymer.

• Are naturally occurring and can be purified at a
relatively low cost.

Smectite clays naturally form layers of oxide sheets
that only have weak van der Waals forces holding the
layers together. These sheets are around 1 nm thick
and vary from 20 nm to 2000 nm in length and width,
depending on the type of smectite clay. Montmo-
rillonite, the most widely used particle is typically
about 250 nm in length and width, resulting in massive
surface areas of 700 m2/g. These large surface areas
make them exceptional at altering the properties of a
composite.

Between the layers is a gap known as the gallery
layer, shown in Figure 3, unmodified clays will have
a small gallery layer of around 1.2 nm. This spacing
changes when used in nanocomposites, the way in
which this gap changes varies the properties of the
resulting nanocomposite.

8.3 Chemical modification

The clays are naturally hydrophilic and are immiscible
in organic liquids; therefore, the clay must be altered
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Figure 3. Structural representation of smectite clay layers.
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to become organophilic, this modification is known as
compatibilisation.

The most common compatibilisation process is
onium-ion modification; a small hydrocarbon chain,
known as a surfactant, is bonded to the surface of the
clay layer (Figure 4). One end of the chain contains
an ammonium functional group that bonds to the clay
layer (Figure 4, End A); the other end has the required
polarity to allow the clay and surfactant as a whole
to be organophilic enough to mix with organic liquids
(Figure 4, End B).

The type of surfactant applied to the clay layer will
have a significant effect on the compatibility of the
clay and polymer. After modification the clay gallery
layer will have increased in size to accommodate the
hydrocarbon chain, typically to 1.5–3.5 nm, depending
upon surfactant type.

Matrix Polymer

N

Clay layer

Surfactant chain
e.g. CH3 (CH2)17NH3

Matrix Polymer

End B

End AN

N

Matrix Polymer
+

Figure 4. Modification of clay layers.

Conventional composite Intercalated nanocomposite Exfoliated nanocomposite

Treated clay

Figure 5. Types of PLSN.

8.4 Types of PLSN

The way in which the clay layers are dispersed in the
polymer will influence the level of interaction between
the clay layers and the polymer, affecting the resulting
properties. There are three distinct types of material
that can be formed by the introduction of these clay lay-
ers into the matrix, clay filled composites, intercalated
and exfoliated nanocomposites.

8.4.1 Clay filled (conventional) composites
In clay filled composites the clay acts only as inert
filler, this is achieved if the clay has not undergone
any compatibilisation treatment. The clay layers and
polymer are not compatible so no polymer will pene-
trate the gallery layer (Figure 5). There will be no, or
very little bonding between the clay and the polymer;
therefore, the clay will provide little reinforcement.
This type of composite is often used as a cheap way to
fill out a polymer. As the clay has not undergone any
treatment, it is an extremely cheap and effective filler,
but offers no increase in durability.

8.4.2 Intercalated nanocomposites
An intercalated nanocomposite is formed when the
clay layers are separated by a fixed amount (Figure 5).
Only a small quantity of polymer molecules will enter
this increased size gallery layer, causing a degree of
interfacial bonding between the polymer and the clay
layers. The clay layers will act as reinforcement for the
polymer, although the fixed layer separation is unable
to provide the maximum reinforcement. The distance
between the clay layers will depend on the length of the
surfactant; these types of nanocomposite are produced
by quaternary and tertiary alkylammonium surfac-
tants. These surfactants provide no acidity to catalyse
the curing reaction, causing the cure rates between the
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clay layers and outside the clay layers in the bulk of the
material to cure at the same speed. The resulting clay
morphology is, therefore, unchanged from that after
mixing, having a small amount of polymer penetrated
between the clay layers.

8.4.3 Exfoliated nanocomposites
An exfoliated nanocomposite is formed when the clay
layers are dispersed in the polymer with random sepa-
ration and orientation (Figure 5).The distance between
clay layers will depend on the clay loading, the higher
the proportion of clay in the nanocomposite the closer
the clay layers will be to each other. The clay layers
will be sufficiently separated and randomly orientated
to allow full interfacial bonding and to contribute
all of their strength to improve the properties of the
nanocomposite. These types of nanocomposites are
produced with primary and secondary alkylammo-
nium ion surfactants. They are slightly acidic and
catalyse the curing reaction between the clay layers;
therefore, curing occurs faster in the clay galleries
than outside in the bulk of the material. This causes
the clay layers to separate as cross-linking occurs and
more resin components enter the clay galleries.

The effect that conventional, intercalated and exfo-
liated clay additives have on the tensile strength
of a nanocomposite has been investigated by Wang
et al. (2000). At 10 wt.% clay loading they reported
increases of 350%, and 150% for exfoliated and inter-
calated nanocomposites respectively manufactured
from an elastomeric epoxy polymer.

8.5 Property improvements

The property improvements generated by the inclu-
sion of nanoparticles in a polymer have been well
researched. The majority of polymers have all been
used to construct nanocomposites and all have shown
improvements in a few or many different areas. Recent
global research has focussed on the use of thermo-
plastic resins as these types of nanocomposites are
commercially viable for small-scale products such as
food packaging etc. However, many thermosets have
also been used; epoxy resins typically used are amine
cured Bisphenol A and F resins.

8.5.1 Mechanical properties
Epoxy nanocomposites have been tested by researchers
and it has been shown that extensive mechanical prop-
erty improvements can be achieved with sub-ambient
Tg (elastomeric) polymers and modest improvements
in high Tg (glassy) polymers. Increases in tensile
strengths and moduli of elasticity of 183% and 87%
respectively with a 5 wt% addition of clay, a 466%
and 250% increase respectively with 15 wt% addition
of clay in Jeffamine D-2000 cured EPON 828 elas-
tomeric polymer (Wang et al. 2000). However, in a civil

engineering type glassy epoxy polymer the property
increases would be less dramatic. Increases in flexu-
ral strength and moduli of 25%, 22% and 23% at a
clay loading of 10 wt% have been reported (Becker
et al. 2002) for diethyltoluenediamine cured DGEBA,
TGAP and TGDDM epoxy resins respectively.

8.5.2 Barrier property improvements
The reduction in permeability that can be attained from
the exfoliation of nanoparticles into polymers depends
on the agent that is being investigated; the improve-
ments recorded range from three fold to zero. The
permeability reduction achieved also depends upon
the specific aspect ratio of the clay being used. High
aspect ratio clays have a higher surface area and there-
fore reduce the permeability by a larger amount than
lower aspect ratio clays.

A (Montmorillonite) nanocomposite with an aspect
ratio of 250 would be expected to achieve a reduction
in permeability of one half compared to the pristine
polymer. However, this reduction in permeability is
also a function of the clay loading that is applied to the
nanocomposite, the higher the clay content the greater
the improvement.

Improvements in barrier properties have been
reported by Beall (2000), of 400%, 240% and 144%
compared to the pristine polymer for water vapour
transmission rates for various different modified clay
types with the same clay loading in HDPE nanocom-
posites.

The mechanism responsible for the improved bar-
rier resistance can be described by a number of dif-
ferent models. The traditional model, Neilson (1967),
used to describe the improved barrier resistance is one
of increased path length through the composite that
must be taken to negotiate around the clay layers. The
torturous path that an ingressing agent must take can
be made longer or shorter depending upon the clay
loading applied to a nanocomposite. However, this
model cannot totally explain the resulting reduction
in permeability when nanoparticles are incorporated
into composites. Beall (2000) introduced a model
which assumes a number of regions in and around the
clay layers, illustrated in Figure 6, that have under-
gone a change in permeability due to the inclusion of
nanoparticles.

The clay layer has an extremely low permeability
and for all practical purposes can be assumed to be
impermeable, this region being the same size as the
clay platelet. The first region is about 1–2 nm around
the clay layer in each direction that contains the alkyl-
ammonium ions. These hydrocarbon chains and the
effects of the bonding between the polymer and the
surfactant chains result in the areas around the clay lay-
ers having a different permeability from either the clay
layer or the pure polymer. The second region extends
from the edge of the first region to approximately
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Region 3. Unmodified polymer

Region 2. Restrained polymer

Region 1. Surface modified polymer 

Clay layer

Figure 6. Regions in the conceptual model.

50–100 nm away from the surface. In this region the
polymer is altered due to the bonding between the
polymer and the surfactant; this interaction alters
the permeability of the polymer in this region. The size
and permeability of this region will depend on many
different factors, such as the type of polymer, surfac-
tant type and the bonding between the two. The third
region extends beyond the edge of the second region
and is that of the unmodified polymer, the properties
of which are those of the pure polymer. The overall
permeability of the model depends on the relative per-
meability of these two modified polymer regions, the
clay layer and the unmodified polymer.

8.5.3 Fire property improvements
Composites are organic materials, they are composed
of mainly carbon and hydrogen atoms, and therefore,
they do not have a good resistance to fire. A consid-
erable amount of research has been conducted into
the fire properties of nanocomposites, the majority of
which concentrates on the properties of heat distor-
tion temperature (HDT, also known as heat deflection
temperature), peak and mean heat release rate (HRR)
and mass loss rate (MLR). Comprehensive research
into the fire properties of a variety of different poly-
mer nanocomposites has been conducted by Gilman
and published in various papers (Gilman et al. 2000).
It was found that the additions of nanoparticles to all
polymers tested, resulted in large reductions in peak
and mean HRR and mean MLR. However, the specific
heat of combustion for some of the nanocomposites
was decreased by a small amount. These increases in
fire performance have been tested under laboratory
conditions and using low temperature sources. In a
real fire situation the benefits of the PLSN would be
to form a protective network of char around the non-
burnt polymer. However, this advantage would only
be seen in thick sections in which an outer layer will
be burnt and form a protective layer for the remaining
polymer. In thin laminates, too much of the compo-
nent cross section will be lost in the creation of this

char protective network to sustain any of the structural
properties of the original component.

8.5.4 Fibre reinforced polymer composites
The majority of research work undertaken to date
relating to nanocomposites has been mainly associ-
ated with pure polymers, but investigations are now
being extended to fibre/matrix composites. Some work
has been carried out into glass/epoxy nanocomposites
(Haque et al. 2003). This work shows some inter-
esting property improvements such as a 24%, 14%
and 44% increase in flexural strength, flexural mod-
ulus and interlaminar shear strength respectively with
1wt% clay loading.

9 CIVIL ENGINEERING ASPECTS OF
NANOCOMPOSITES

From the results of previous research workers it is clear
that the addition of nanoparticles to resin formulations
can alter many properties of the polymer; however, a
wide range of different curing agents (epoxy resins
are commonly basic DGEBA or DGEBF), clay types
and surfactant types has resulted in a huge amount
of different combinations that are used to produce
nanocomposites.All these different types of nanocom-
posites result in different property enhancements or
alter the magnitude of similar property enhance-
ments. This makes it difficult to assess which property
improvements are universal for epoxy nanocompos-
ites or whether the property enhancements will vary
greatly between formulations.

It is necessary to confirm, (i) which resins offer
the best compatibility for exfoliation of nanoparti-
cles into polymers, and to identify if any currently
used civil engineering resins will achieve this, (ii)
which properties can be enhanced via the inclusion
of nanoscale layered fillers and the extent to which
these increases are achieved into the resins established
in (i), (iii) whether the production of nanocomposite
materials is feasible in the civil engineering field at its
present state, or whether further advancements need to
be made, and (iv) the situations where these materials
may be of an advantage and offer a higher performing
matrix polymer, whether this be an on site wet lay-up
process, a factory processed pultrusion or a filament
winding technique.

The civil engineering industry has specific require-
ments when forming polymer composites for site
utilisation. The polymers that are used are generally
standard ones with specified additives incorporated
into them; these additives may cause problems when
attempting to exfoliate nanoparticles into them. Poly-
mer composites and adhesives that are fabricated on
site must be polymerised at ambient temperatures or
at a slightly elevated temperature and ideally they
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Figure 7. X-ray diffractographs for Ethacure 100 cured DER331 nanocomposites.

should be polymerised within minimum time, these
low temperatures may not be suitable for exfoliating
nanoparticles; there is of course no such limitations
when producing pre-cast units made in the factory,
allowing for higher temperature and longer curing
cycles to be used where the exfoliation of nanopar-
ticles could be achieved. Therefore, the manufacture
of nanocomposite parts by pultrusion is most likely to
be used first due to the controlled process required for
exfoliation. However, as the technology becomes bet-
ter understood their use can be transferred to prepreg
and on site lay-up techniques.

10 RESEARCH AT THE UNIVERSITY OF
SURREY

At the University of Surrey research investigations are
currently concentrating on confirming the exfoliabil-
ity of these layered silicates, this is being undertaken by
using a number of (i) different resin systems, (ii) differ-
ent surfactants and (iii) different loadings of the treated
clay particles.The resin systems are, (i) a room temper-
ature curing civil engineering laminating resin, made
and possibly modified by the resin supplier to pro-
vide additional in-service properties; Exchem Mining
and Construction, Selfix Carbofibre Laminating resin,
(ii) a high temperature curing imidazole accelerated
system that has a long work life is being used to cre-
ate intercalated nanocomposites, (iii) a system that has
been used in a number of published papers, DER 331
and Ethacure 100 (diethyltoluenediamine), and found
to produce exfoliated nanocomposites is being used to

directly test the claims made in these papers, and (iv)
a system, Polypox E403 cured with Polypox H205,
which is similar to a Jeffamine D230 cured DGEBA
system used in a number of published papers.

In all cases the nanoparticles are required to be well
mixed and dispersed in the resin and thus the time of
mixing and the temperature of cure are two important
parameters to be considered. Three stages of analysing
the nanocomposite are being utilised to determine the
degree of exfoliation, (i) X-ray diffraction, (ii) optical
microscopy, and (iii) electron microscopy.

An example of typical intercalated and exfoliated X-
ray diffractographs produced from Ethacure 100 cured
DER331 containing 5 wt% nanoparticles are shown in
Figure 7, compared to the original diffractograph for
the pure nanoparticles used in each case. The nano-
particles used are, (a) a primary alkylammonium ion
(octadecyl-ammonium), and (b) a quaternary alkylam-
monium ion (octadecylbenzyldimethyl-ammonium).
Both nanoparticles (lines ‘Nanoparticle a’ and
‘Nanoparticle b’) have large peaks indicating a con-
sistent spacing between the clay layers through-
out the sample. ‘Nanocomposite a’ shows no peak,
indicating that the consistent spacing has been lost and
the clay layers have random spacing. ‘Nanocomposite
b’ shows a peak at 3 2θ (around 2.9 nm), indicating
an intercalated specimen with a consistent spacing of
clay layers at this distance.

Electron microscopy also can provide a great
amount of information about the morphology of a
nanocomposite. Figure 8 shows an electron micro-
graph of a nanoparticle before being incorporated
into a polymer; Figure 9 shows a typical electron
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Figure 8. SEM micrograph of pure nanoparticles.

Figure 9. TEM micrograph showing intercalated/exfoliated
clay layers. (Figures 8 & 9 reprinted from Experimental
Mechanics with the permission of the Society for Experi-
mental Mechanics, Inc., 7 School Street, Bethel, CT 06801,
(203) 790-6373, www.sem.org.)

micrograph of a nanocomposite with areas of interca-
lation and exfoliation. These different areas are distin-
guishable by the darker areas with clear layer stacking
in the intercalated areas and the randomly orientated
low clay concentration lighter exfoliated areas.

11 INFLUENCES ON FUTURE
DEVELOPMENTS OF FRP COMPOSITES

When nanocomposites have been successfully man-
ufactured on a commercial scale for use in the civil
engineering industry, the effect on the utilisation of
composites in construction will be great. Although
improved mechanical properties (i.e. modulus of elas-
ticity and strength) of the polymer can be achieved,
this improvement will not have a great influence on

the overall strength of, for instance, CFRP. However,
the advantage in the utilisation of nanocomposites in
civil engineering will be:

• The improvement in the interlaminar shear strength,
Haque & Shamsuzzoha (2003), have shown that for
a 1 wt.% addition of nanoparticles to S2 glass/epoxy
composite there is a 44.07% increase in the inter-
laminar shear strength over the conventional S2
glass/epoxy composite. It should be mentioned that
improvement are very sensitive to the weight per-
cent loading of the nanoparticle as the inclusion of
a 2 wt.% addition to the composite will reduce this
advantage by 50%.

• The improvement in the shear failure of adhesives,
this will be particularly relevant to the rehabilitation
of structural members.

• The barrier property improvement of composites
and polymers in the construction industry.Although
nanoparticles in composites will reduce the perme-
ability of the pristine polymer and thereby improve
the boundary properties, in some cases, eventu-
ally the ingress of solutions will penetrate the
FRP composites. It will be realised, however, that
all man-made materials do have a finite life and
FRP polymer composites are no exception but the
improvements that can be made by the addition
of nanoparticles to these civil engineering com-
posites will improve and extend their performance
considerably.
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ABSTRACT: For more than a century, important civil engineering structures such as bridges, high-rise build-
ings, dams and marine platforms have contained iron or steel as the reinforcement for concrete or wood. The
useful lives of these structures have often been severely limited by the corrosion of this ferrous component. Much
thought has been given in recent years to constructing structures that are lighter, stronger and non-corrosive. ISIS
Canada intends to significantly change the design and construction of civil engineering structures by developing
innovative new structures. For these new structures to be accepted by the engineering community, it is manda-
tory that they be monitored and the results reported to the engineering community as well as being incorporated
into civil engineering codes. ISIS Canada has been developing such structures and monitoring them through an
innovative concept, which involves the development of the new discipline of Civionics where Civil Engineering
and Electrophotonics are being integrated. In this paper, some of the innovations that have been implemented
will be described.

1 INTRODUCTION

1.1 Fibre Reinforced Materials

Active research into the design of new highway bridges
in Canada is focused on a number of specialty areas
including; the replacement of steel reinforcing bars
in concrete decks by randomly distributed chopped
fibers, and the replacement of steel prestressing cables
for prestressed concrete by tension elements which
comprise longitudinally-oriented fibers embedded in
a polymer (ISIS Canada-Strategic Plan 2nd Funding
Cycle). For the repair and strengthening of exist-
ing structures by the addition of fibre-reinforced
polymers (FRPs), research is being conducted into
increased axial, bending and shear strength of concrete
beams and columns, as well as applications to timber
and masonry structures. There is a need to conduct
basic research into FRP materials regarding durabil-
ity, longevity and performance under fire conditions.
Effectiveness under seismic loading is another area of
needed research. This research is in progress on a vari-
ety of FRP products, as shown in Figure 1, in Canada
under the directive of ISIS Canada.

2 INTELLIGENT SENSING

For many years, engineers have been searching for
ways to obtain information on how a structure is
behaving in service by incorporating, at the time of
construction or subsequently, sensing devices which
can provide information about conditions such as

Figure 1. A variety of FRP products used in ISIS Canada
research and applications.

strain, temperature, and humidity (Tennyson, 2001).
The development of such structurally integrated fibre
optic sensors (FOSs) has led to the concept of smart
structures.

The current fibre Bragg grating (FBG) sensors
are based on a passive spectral ratiometric approach
using a low power, broad bandwidth light source. To
interrogate many sensors, a multiplexing system has
been used that involves sequential measurements, thus
limiting dynamic response capability. However, the
requirement to monitor many FOSs simultaneously
over long distances with complete dynamic spectrum
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Figure 2. Fibre optic sensors being developed or utilized by ISIS Canada.

capability, necessitates a new approach involving tun-
able laser light sources.

ISIS Canada is developing new Long Gauge fibre
optic sensors, which are based on Brillouin scattering
as shown in Figure 2.

3 APPLICATION OF INNOVATIVE
TECHNOLOGIES IN FIELD
APPLICATIONS

For infrastructure owners, one of the greatest values
of ISIS Canada research lies in its practical applica-
tion. Over the past year, there have been many new
opportunities for applying ISIS Canada technology as
is evidenced in the growing number of field demon-
stration projects underway. The projects range from
a new concrete steel-free bridge deck for the Salmon
River Bridge in Nova Scotia, to the strengthening of a
nuclear containment structure in Quebec, to the testing
of timber piles for use in an Inuvik housing project in
the cold, northern regions of Canada.

At least fifty projects are currently being monitored
for health in Canada. Several of those are described in
the following sections.

3.1 Beddington Trail Bridge, Alberta (Calgary)

In 1992, the Beddington Trail Bridge in Calgary
(Rizkalla et al., 1994),Alberta, as shown in Figure 3(a),
was one of the first bridges in Canada to be outfit-
ted with fibre-reinforced polymer (FRP) tendons and
a system of structurally integrated optical sensors for
remote monitoring.

(a)

(b)

Figure 3. On-site monitoring (a) accessing fibre optic junc-
tion box (b) dynamic FBG response to three-axle truck
load.

The bridge opened in 1993, before ISIS Canada was
formed. It is significant to the ISIS network because,
for the group of researchers involved, it confirmed
the need for an organization, like ISIS Canada, that

30



could spearhead transferring this new technology to
industry.

The Beddington Trail Bridge is a two-span, con-
tinuous skew bridge of 22.83 and 19.23 m spans, each
consisting of 13 bulb-Tee section, pre-cast, prestressed
concrete girders. Two different types of FRP tendons
were used to pretension six precast concrete girders.
Carbon fibre composite cables produced by Tokyo
Rope of Japan were used to pretension four girders
while the other two girders were pretensioned using
two Leadline rod tendons produced by Mitsubishi
Kasei.

Fibre optic Bragg grating strain and temperature
sensors were used to monitor structural behaviour
during construction and under serviceability condi-
tions. The four-channel Bragg grating fibre laser
sensing system was developed for this purpose at the
University of Toronto Institute for Aerospace Studies.

Before constructing the bridge, an experimen-
tal program was conducted at the University of
Manitoba’s W.R. McQuade Laboratory to examine the
behaviour of scale model beams pretensioned by the
same type, size, and anchorage of the two different ten-
dons used for the bridge girders. The tests compared
results using the same optic sensor as used for the
bridge in addition to electric resistance strain gauges
(Fig. 3(b)).

Prestressing of carbon FRP was adapted by cou-
pling the carbon fibre composite cables and Leadline
rods to conventional steel strands. Couplers helped to
minimize the length of carbon FRP tendons, and were
staggered to allow use of the same spacing for the
conventional steel reinforcing tendons.

The Leadline rods were cut at the site and two rods
were used for each tendon. The carbon fibre com-
posite cables were delivered precut to the specified
length with 300 mm die cast at each end to distribute
the stresses at the anchoring zone. Construction of
the bridge and handling of the girders at the site was
typical.

A four-channel Bragg grating fibre optic sensor sys-
tem was used at different locations along the bridge
girders that were pretensioned by the carbon FRP. Each
fibre optic sensor was attached to the surface of the ten-
don to serve as a sensor. The sensors were connected,
through a modular system, to a laptop computer used
at the construction site to record the measurements at
different stages of construction and after completion
of the bridge. The optic sensor system measures the
absolute strain rather than a strain relative to an ini-
tial calibration value similar to the electric resistance
strain gauges and mechanical gauges.

In 1999 the bridge was tested statically and dynam-
ically to assess the durability of fibre optic sensors.
After six years, all FOSs were functioning. This find-
ing validates the view that FOSs are durable and
reliable for long term monitoring.

Figure 4. Casting of the steel free deck.

4 FIRST GENERATION STEEL-FREE DECKS

4.1 Salmon River Highway Bridge, Nova Scotia

The first steel-free deck-slab in Canada was cast on the
Salmon River Bridge (Newhook et al., 2000a), part of
the Trans Canada 104 Highway near Kemptown, Nova
Scotia. Construction of the bridge, which consists of
two, 31 m spans, includes a steel-free deck over one
span and a conventional steel reinforced deck over the
other. Internal arching in the slabs helps transfer the
loads to the girders. Although the cost of the steel-free
side was six percent more than the steel-reinforced
side, the overall design tends to be less expensive than
conventional decks.This is because steel-free decks do
not suffer from corrosion, so traditional maintenance
costs are greatly reduced. This concept has won six
national and international awards including the presti-
gious NOVA award from the Construction Innovation
Forum (CIF) of the United States.

The deck contains no rebar (Fig. 4). Instead, lon-
gitudinal beams or girders support it. The load is
transferred from the deck to the supporting girders
in the same way that an arch transfers loads to sup-
porting columns. Although steel straps are applied to
tie the girders together, because they are not embed-
ded in the concrete they can be easily monitored and
inexpensively replaced.

The Structural Health Monitoring (SHM) of the
steel-free bridge deck was conducted by installing sen-
sors, as shown in Figure 5. SHM indicates that the load
sharing of the Salmon River Highway Bridge is similar
to conventional decks as shown in Figure 6.

With no steel inside the concrete, no unnecessary
weight is added, meaning thinner deck designs. The
steel straps are welded to the top flanges of the girders
thereby resisting any lateral movement. The Salmon
River steel-free bridge deck has withstood a number of
Canadian winters, and it appears to be defying the con-
ventional approach to building steel-reinforced bridge
decks. The Salmon River Bridge has four spans, and
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Figure 5. Sensor locations.
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Figure 6. Load sharing of the Salmon River Highway
Bridge.

one of these is a steel-free bridge deck. The adjacent
bridge has a conventional bridge deck reinforced with
steel. A recent visual inspection, on June 7, 2003,
revealed that the conventional deck, built within the
last eight years, is showing signs of deterioration and
possibly the start of corrosion. This will be further
investigated. It should be noted that there are six steel
free bridge decks across Canada.

4.2 Hall’s Harbour Wharf, Hall’s Harbour, NS

Hall’s Harbour Wharf (Newhook et al., 2000b) in Nova
Scotia is a 96-year-old combination wharf/breakwater,
shown in Figure 7(a). It is the world’s first marine struc-
ture with fibre optic sensors embedded in a steel-free
concrete deck for remote monitoring. It is designed to
last 80 years – three times longer than traditional con-
struction methods. This design received the “Award of
Excellence” from the Canadian Consulting Engineer
Association.

The new wharf consists of piles supporting concrete
beams and deck elements above an armour stone and
timber crib breakwater (Fig. 7(b)).The concrete beams
are designed with a hybrid reinforcement scheme of
steel and glass FRP rods. The outer durable layer of
FRP protects the inner core of steel reinforcement,
which was included for code considerations. The deck

Harbour
bottom

Bedrock

Timber
Fender pile

PilecapDeck panel

Armour stone

Concrete-Filled
Pipe pile

(a)

(b)

Figure 7. Hall’s Harbour Wharf.

consists of precast steel-free concrete bridge deck
panels modified to meet the durability needs of this
structure (Fig. 8). It is the world’s first marine structure
with fibre optic sensors embedded in a steel-free con-
crete deck for remote monitoring (Fig. 9). The design
is based on draft versions of both the Canadian High-
way Bridge Design Code and the American Concrete
Institute Code.

It is anticipated that rehabilitation of marine struc-
tures using FRPs will become standard practice
through time, with the inner core of steel reinforcement
considered unnecessary.
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Figure 8. 3-D view of deck and beam details.

Figure 9. Installed sensors.

5 CIVIONICS

CIVIONICS (Mufti, 2003b) is a new term coined from
Civil-Electronics, which is derived from the applica-
tion of electronics to civil structures. It is similar to
the term Avionics, which is used in the Aerospace
Industry. For structural health monitoring to become
part of civil structural engineering, it should include
Civionics. Formal definitions and guidelines are given
below to encourage the development of Civionics as
an academic discipline in Canadian universities and
technical colleges.

Realistically, it is true that consulting engineers and
contractors will only invest in the development of the
expertise created by graduates of the Civionics dis-
cipline when they can be assured that the prospects
for business are good in this field. The ISIS Canada
experience of integrating FOSs and FRPs into inno-
vative structures that have been built across Canada
demonstrates that these opportunities do exist. Fol-
lowing are some business opportunities that have been
identified, as well as some recommendations for the
Civil Structural Engineering Industries to develop the
opportunities that currently exist.

In Canadian Universities and Technical Colleges,
the research, academic and training courses are estab-
lished or are in process of being developed. It is intent

Figure 10. Civionics specifications manual.

of ISIS Canada that future generations of structural
engineers and technologists will be familiar with the
requirements of industries related to Civionics. To that
end, ISIS Canada has developed Civionics Specifica-
tions (Rivera et al., 2004), which are currently in the
process of being printed (Fig. 10).

5.1 Civionics application in a second
generation steel free bridge deck

In the spring of 2004 research engineers at the Uni-
versity of Manitoba constructed a full-scale second
generation steel free bridge deck. The bridge deck
is the first of its kind to fully incorporate a com-
plete civionics structural health monitoring system
to monitor the deck’s behaviour during destructive
testing.

Throughout the construction of the bridge deck the
entire installation of the civionics system was carried
out by research engineers to simulate an actual imple-
mentation of such a system in a large scale construction
environment. One major concern that consulting engi-
neers have raised is the impact that a civionics system
that uses conduit, junction boxes, and other electrical
ancillary protection, will have when embedded and
installed externally on full-scale infrastructure. The
full-scale destructive testing of the second generation
steel free bridge deck that uses a civionics system
designed and implemented using a civionics specifica-
tion manual at the University of Manitoba will provide
engineers with the information necessary to address
the constructability and structural integrity issues.

The complete civionics system for the test bridge
deck at the University of Manitoba includes rigid PVC
conduit and junction boxes to provide protection for
the network of sensors embedded within the deck and
all of the sensors installed externally on the steel straps
and steel bridge girders. The placement of the system
of conduits and junction boxes is important because it
should minimize its effect on the structural integrity
of the bridge deck, as well as minimize the amount
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Figure 11. Rigid PVC conduit embedded with bridge deck
haunches.

of conduit and exposed cable within the deck. In this
case, the conduits were placed within the haunches of
the deck (Fig. 11).

The sizing of the conduit was determined using the
civionics specifications. The conduit size and junction
boxes required for this project were 1½′′ in diameter. It
should be noted that for research purposes this bridge
deck was equipped with several additional sensors and
that the conduit was sized accordingly.A civionics sys-
tem for an actual steel free bridge deck would contain
a minimal number of embedded sensors, thus reduc-
ing the amount and size of conduit required. For a
typical installation on an actual bridge the conduit
would be placed by the local electrical contractor and
all of the necessary wires would be terminated at
the junction boxes. A short time prior to the casting
of the bridge deck, and after all major placement of
reinforcement has been completed, qualified person-
nel would be required to install the specified sensors
and make the appropriate connections at the junction
box to the wires already supplied and installed by the
electrical contractor. Field installation of the sensors
requires the application of several protective coatings
and the exposed lead wires should be located in such

Figure 12. Protected sensors complete with properly
located and secured lead wires.

Figure 13. Rigid PVC conduit and junction boxes for
externally installed gauges.

a manner as to prevent damage during placement of
concrete (i.e. wires should be placed on the underside
of the reinforcement and properly secured – Fig. 12).
The sensors embedded within the bridge deck on the
reinforcing bars allow engineers to monitor live load
stresses during and after construction.

Surface mounted sensors located on the external
steel straps and on the steel girders also provide engi-
neers with pertinent information relating to the bridges
overall performance. However, these sensors must also
be properly protected from vandalism and local envi-
ronmental conditions. Therefore, a system of rigid
PVC conduits and junction boxes were permanently
installed on the steel girders and steel straps. The con-
duit and lead wires would be installed by an electrical
contractor after all of the formwork has been removed.
The wires must be properly labelled to ensure that
the correct locations of all sensors are known at a
later date. Once again, qualified personnel perform
the installation of the necessary gauges within the PVC
boxes and splice all lead wires.

The size of the conduit and junction boxes on the
straps were 1′′ in diameter to provide enough space in
the junction box to install the sensor. The back of the
PVC junction box had to be removed in order to facil-
itate surface mounting of the sensors (Fig. 13). Strain
gauges installed on the straps will allow engineers to
monitor live load strains. Flexible conduit measuring
¾′′ in diameter was used with the junction boxes on
the top and bottom flanges of the steel girder (Fig. 13).
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Figure 14. Location of weigh-in-motion sensors and elec-
tronic strain gauges on steel straps.

The purpose of the gauges installed on the girders is
to determine the live load stress ranges and to deter-
mine the transverse load distribution pattern. Also,
the gauges will allow engineers at the University of
Manitoba to determine exactly if placement of the con-
duit within the haunches has any significant effect on
the composite action between the girders and the deck.

5.2 South perimeter bridge

The Red River Bridge is located on the South Peri-
meter Highway that encircles the city of Winnipeg,
Manitoba. It is a 250 m long, 7-span bridge, consisting
of three simply supported spans and one continuous
span. Over a period of two years, the entire bridge
deck will be replaced with a second generation steel-
free GFRP hybrid bridge deck. The installation of a
civionic structural health monitoring system in this
bridge will follow the requirements as outlined in the
civionics specifications. Preliminary plans involve a
minimal number of sensors including fibre optic sen-
sors, accelerometers, conventional sensors and weigh
in motion sensors (Fig. 14).

6 SMART FRP REINFORCED
BRIDGE DECKS

6.1 Joffre Bridge, Québec

The Joffre Bridge (Benmokrane et al., 2000) located
over the St-François River in Sherbrooke, Quebec,
Canada, built in 1950, showed signs of deterioration
of the concrete deck slab and girders primarily due to
reinforcement corrosion. The City of Sherbrooke and

the Ministry of Transport of Québec reconstructed a
significant part of the bridge deck, sidewalk and traffic
barrier using carbon and glass FRP reinforcements,
and monitored the performance not only to answer the
safety concerns, but also to generate valuable data for
the research and development of FRP technology for
reinforced concrete structures.

The selected CFRP reinforcement used to reinforce
the concrete deck slab is manufactured by Autocon
Composites Inc. in Ontario, Canada, and is commer-
cially known as NEFMAC C19-R2 grid. The CFRP
reinforcement was in the form of a rectangular cross-
section 100 mm × 200 mm grid with a constant thick-
ness of 19 mm. The grids were manufactured with
longitudinal spacing of 200 mm and transverse spacing
of 100 mm.The GFRP rebars used as reinforcement for
the concrete sidewalk and traffic barrier are produced
by Marshall Industries Composites Inc. and commer-
cially known as GFRO C-BAR. The lightweight of
the FRP reinforcements was very convenient for easy
handling and placement during construction.

The bridge was extensively instrumented with sev-
eral different types of gauges. A total of 180 critical
locations were identified and instruments (fibre optic
sensors, vibrating wire strain gauges, and electrical
strain gauges) were installed at those locations in the
concrete deck slab and on the steel girders.

A number of CFRP reinforcement grids were
integrated with fibre optic sensors during the
manufacturing process, as shown in Figure 15. Gauges
were installed on the steel girders and embedded strain
gauges were placed inside the concrete to measure
the strain inside the concrete to provide information
about the hidden structural damage in the concrete
deck slab.

The bridge was opened to traffic on December 5,
1997. The dynamic responses of different components
of the bridge are being regularly recorded using com-
puter aided data logging systems. The interim results
indicate confidence in the use of FRP reinforced
concrete structures and the use of state-of-the-art
instrumentation for continuous long-term structural
performance monitoring. The variation of recorded
strain with time and temperature clearly indicates, as
shown in the Figure 16, that it is possible to obtain
meaningful and consistent results from fibre optic sen-
sors and that temperature is the most prominent factor
influencing the strain variation in the bridge deck.

In November 1998, one year after the opening of the
bridge to traffic, field dynamic and static tests, using
calibrated heavy trucks (Fig. 17) were conducted on
the bridge to evaluate the stress level in the FRP rein-
forcement, concrete deck, and steel girders. Figure 18
shows the results of strains recorded using FOS at the
middle of the web of steel girders due to movement
of the trucks. The data clearly show that during a 35 s
duration, a large strain event (e.g. a truck) followed by
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Figure 15. CFRP grid with integrated Fabry-Perot fibre
optic sensors.

Figure 16. Data recorded by fibre optic sensors installed on
CFRP grid.

Figure 17. Trucks being positioned for static load tests of
Joffre Bridge.

two similar strain events (e.g. two consecutive trucks)
took place on the bridge.

6.2 Portage creek bridge – strengthening
against earthquakes & field assessment,
British Columbia

The Portage Creek Bridge (Mufti et al., 2003)
(Fig. 19(a)) in Victoria, British Columbia, was
designed in 1982 by the British Columbia Department

Figure 18. Strain responses from dynamic calibrated load
testing.

Figure 19a. Portage Creek Bridge.

of Highways Bridge Engineering Branch. It crosses
Interurban Road and the Colquitz River at McKenzie
Avenue.

It is a 125 m (410 ft) long three-span steel structure
with a reinforced concrete deck supported on two rein-
forced concrete piers and abutments on steel H piles.
The deck has a roadway width of 16 m (52 ft) with
two 1.5 m (5 ft) sidewalks and aluminum railings. The
super structure is supported at the ends and has two
intermediate supports along the length of the bridge
called Pier No. 1 and Pier No. 2.

The Portage Creek Bridge is a relatively high pro-
file bridge that has been classified a Disaster-Route
Bridge. However, it was built prior to current seismic
design codes and construction practices and would
not resist potential earthquake forces as required by
today’s standards. Although some consideration has
been given to seismic aspects as evidenced in the origi-
nal drawings, it requires retrofitting to prevent collapse
during a seismic event. The service life of the bridge
can thus be increased to 475 years.

Most of the bridge is being strengthened by conven-
tional materials and methods. The dynamic analysis of
the bridge predicts the two tall columns of Pier No. 1
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Figure 19b. Portage Creek FOS location.

Figure 20a. Datalogger.

will form plastic hinges under an earthquake. Once
these hinges form, additional shear will be attracted
by the short columns of Pier No. 2. A nonlinear static
pushover analysis indicates that the short columns will
not be able to form plastic hinges prior to failure in
shear.Therefore, it was decided that FRP wraps should
be used to strengthen the short columns for shear with-
out increasing the moment capacity. The bridge is
instrumented with 16 foil gauges, 8 fibre optic sensors
and 2 accelerometers (Fig. 19(b)). The bridge is being
remotely monitored and data collected with the data-
logger and monitoring system shown in Figures 20(a)
and 20(b). ISIS Canada is assisting with the structural
health monitoring of this bridge.

Figure 20b. Monitoring system.

6.3 Brookside Cemetery – long-term performance
of anchor assembly for marker in concrete at
Veteran Affairs

The rapid deterioration of the markers and the concrete
beams supporting the markers at the grave of veter-
ans at Brookside Cemetery (Fig. 21) in Manitoba and
other cemeteries across Canada has become a major
issue of concern for Veterans Affairs Canada National
and International Memorials, and Heritage Conserva-
tion Services, Public Works and Government Services
Canada.

Brookside Cemetery, located northwest of
Winnipeg, is a very large cemetery with over 96,000
graves. A portion of the cemetery is designated for the
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Figure 21. Brookside Cemetery, Winnipeg, Manitoba,
Canada.

Figure 22. Longitudinal cracking of the pre-stressed hollow
beams.

graves of Canadian veterans from World Wars I and II
and from the Korean War. The rest of the cemetery is
designated for the graves of civilians.

By 1999, a large proportion of the hollow core sup-
ports had fallen, about 5% in the military portion and
about 40% in the civil area of the cemetery. Longitudi-
nal cracking of the hollow concrete beams was noted
in Figure 22, as well as the development of cracks at
the edge of the beam and longitudinal cracks between
grouted pockets were also observed.

The essential requirements for a durable marker
anchor assembly include:

• Long-term physical and chemical stability of mate-
rials under service conditions;

• Structural stability under service conditions;
• Ease of assembly using existing, or new tech-

nique(s); and
• Resistance to cracking of concrete support beams

under service conditions.

Different approaches have been suggested to
improve the performance of the markers. Figure 23
lists the mechanical tests and specimen configurations
included in this study. One of the recommendations
was to improve the anchor methods used to attach

Pullout

Lateral
load

Bending

Shear

Compressive
strength

Figure 23. Mechanical tests and specimen configurations
included in this study.
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Figure 24. The load-slip behavior of the deformed GFRP
rods anchored with Hilti RE 500 epoxy to the steel reinforced
concrete beams after 50 freeze and thaw cycles.

the markers to the ground beam. Preliminary results
from a series of freeze-thaw tests carried out at Univer-
sity of Manitoba under the supervision of Intelligent
Sensing for Innovative Structures (ISIS) Canada, indi-
cated that stainless steel and GFRP fiber reinforced
polymer (GFRP) dowels in the Hilti 500 epoxy or Sika-
212 grout are promising anchor methods and warrant
further investigation (Mufti et al., 2004a&b).

The test program included multiple freeze/thaw
cycles shown in Figure 24. Pullout, lateral load-
ing, shear and bending tests were performed under
carefully designed accelerated weathering conditions
closely simulating the actual conditions at Brookside
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Figure 25. A segment of the freeze and thaw cycles estab-
lished for the experimental program.

Figure 26. Cracking (A) & spalling (B) of concrete sur-
rounding deformed GFRP rods during pullout tests.

Cemetery. Acceptance of a new marker anchor assem-
bly will ultimately depend on its service life perfor-
mance (i.e., durability) as compared with the existing
marker mounting assembly, and economics.

Figure 27. Schematic diagram of a 24 ft beam and SHM
system.

The pullout test on the pin method using steel and
GFRP bars (Fig. 25) demonstrated that GFRP gave
a similar axial load to that given by steel. However,
GFRP is more advantageous as it will not corrode
(Fig. 26).

6.4 Field application to FRP reinforced
smart beam

A 24 ft beam has been designed and instrumented as
shown in Figure 27 to demonstrate the performance of
FRPs in a field application.

7 STRUCTURAL HEALTH MONITORING
DATA ON WEB SITE

For the structures that have been instrumented with
remote monitoring capabilities, data is constantly col-
lected at varying frequencies. As the data grows daily,
so does the need for a sophisticated archival manage-
ment system. It becomes one of the most vital aspects
of structural monitoring. ISIS is developing an on-
line archiving system whereby authorized researchers
submit raw data that will be accessible to users. In a
user-friendly, worldwide web interface, the site will
offer access to sensor characteristics and locations,
and response measurements from static and dynamic
load tests. The archive will enable interested parties to
browse the content, view the relevant documentation
and down load data for their own analysis.

Several different strategies are being used for data
collection. In some cases, the sensors are triggered
manually at selected intervals of time, and the sensor
data is stored on computer disks. In other cases sen-
sor data is collected continuously at a specified scan
rate and automatically transmitted to a remote location,
where it is stored on a computer.

8 DESIGN GUIDELINES MANUALS AND
CODES

The new Canadian Highway Bridge Design Code
has recently been published (Bakht et al., 2001). The

39



Figure 28. Design codes CHBDC and CSA: design &
construction of building components with FRP.

Figure 29. ISIS Canada Design Manuals.

Canadian Standards Association (CSA) code on the
use of FRP in buildings and structures is also near-
ing completion. Members of both committees are well
represented by ISIS Canada researchers.

Naturally, engineers are reluctant to use FRPs and
FOSs in structures without approved design codes.
A major step toward widespread use of FRPs has
been the publishing of ISIS Canada’s manuals for
design engineers. The four manuals cover: Installa-
tion, Use and Repair of Fibre Optic Sensors (Tennyson,
2001); Guidelines for Structural Health Monitoring
(Mufti, 2001), Reinforcing Concrete Structures with
Fibre Reinforced Polymers (Rizkalla et al., 2001), and
Strengthening Reinforced Concrete Structures with
Externally-Bonded Fibre Reinforced Polymers (Neale,
2001). The codes are shown in Figure 28 and the
manuals in Figure 29.

9 CONCLUSIONS AND
RECOMMENDATIONS

As mentioned earlier, ISIS Canada intends to signif-
icantly change the design and construction of civil
engineering structures. For changes in design and con-
struction to be accepted, it is necessary that innovative

structures be monitored for their health. To assist
in achieving this goal, ISIS Canada is developing a
new discipline, which integrates Civil Engineering
and Electrophotonics under the combined banner of
Civionics.

The new discipline of Civionics must be developed
by Civil Structural Engineers and Electrophotonics
Engineers to lend validity and integrity to the process.
Civionics will produce engineers with the knowledge
to build “smart” structures containing the SHM equip-
ment to provide much needed information related to
the health of structures before things go wrong. This
discipline will, thereby, assist engineers and others to
realize the full benefits of monitoring civil engineering
structures.
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Strengthening of scaled steel–concrete composite girders and steel
monopole towers with CFRP

D. Schnerch & S. Rizkalla
North Carolina State University, Raleigh, NC, USA

ABSTRACT: Cost-effective rehabilitation and/or strengthening of steel structures currently demanded by the
telecommunications industry and transportation departments. Rehabilitation is often required due to cross-
section losses resulting from corrosion damage and strengthening may be required due to changes in the
use of a structure. Current strengthening techniques, have several disadvantages including their cost, poor
fatigue performance and the need for ongoing maintenance due to continued corrosion attack. The current
research program makes use of new high modulus types of carbon fiber for strengthening steel structures.
The research program, currently in progress, includes phases to determine the appropriate resin and adhesive
for wet lay-up of carbon fiber reinforced polymer (CFRP) sheets and bonding of CFRP strips, respectively.
Test results of three scaled monopoles showed significant stiffness increases prior to yield. A significant stiff-
ness as well as ultimate strength increase was found for the first steel–concrete composite girder tested in the
program.

1 INTRODUCTION

1.1 Research objective

While FRP materials have been successfully used
for flexural strengthening, shear strengthening and
ductility enhancement of concrete bridge structures,
far less research has been conducted in strength-
ening steel structures with fiber reinforced polymer
(FRP) materials. Increasing number of cellular phone
users and their requirement for improved service
has required cellular phone companies to increase
the number of antennas on monopole towers. This
trend has been exasperated by the reluctance of
communities to allow new monopoles to be built.
Addition of new antennas increases the wind load
acting on the monopole, therefore strengthening is
required to match this demand. Existing techniques
for strengthening monopoles with steel collars or with
an additional lattice structure are costly and nega-
tively affect the visual appearance of the structure.
Repair and/or rehabilitation of steel bridge are also
being demanded by transportation departments. The
strengthening technique must be cost effective and
should not cause major interruption of traffic.The pur-
pose of this research is to determine the feasibility of
using new types of high modulus carbon fiber rein-
forced polymer (CFRP) materials to provide stiffness
and strength increases for steel–concrete composite
girders and steel monopoles.

1.2 Background

1.2.1 Advantages
There are many advantages in favor of the use of
FRP materials for repair and rehabilitation of bridges
and structures. Cost savings may be realized through
labor savings and reduced requirements for staging and
lifting material. Due to the ease of application, disrup-
tion of service during construction may be reduced
or eliminated. The dead weight added to a structure
is minimal and there is typically little visual impact
on the structure, such that good aesthetics can be
maintained.

1.2.2 Adhesive selection and surface preparation
Previous work has illustrated the importance of surface
preparation, adhesive working time, curing methods
and prevention of the formation of galvanic cou-
ples in selecting an appropriate resin/adhesive system
(Rajagoplan et al. 1996). Different types of adhesives
have been used to bond CFRP to steel, but generally
room-temperature cured epoxies have been chosen due
to their superior performance and ease of use. Adhe-
sion promoters, such as silanes, have been shown to
increase the durability of steel–epoxy bonds without
affecting the bond strength (McKnight et al. 1994).
Since the study at this stage is focused mainly on the
structural performance, silanes were not used in this
program, but would be recommended for use in field
applications.
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Surface preparation of the steel must be undertaken
to enhance the formation of chemical bonds between
the adherend surface and the adhesive. This requires
a chemically active surface that is free from contam-
inants. The most effective means of achieving this is
by grit blasting (Hollaway and Cadei, 2002). For the
CFRP strip, it is usually desirable that the strip would
be fabricated with a peel-ply on one or both surfaces.
However, for the small amount of CFRP produced for
this program it was not economical to manufacture
the CFRP strips with peel plys. As such, the procedure
recommended by Hollaway and Cadei (2002) was fol-
lowed, whereby the strips were abraded on the side to
be bonded with sandpaper and cleaned with a solvent,
which was methanol in this study.

1.2.3 Previous work
Previous work has shown the effectiveness of the
technique in improving the ultimate strength of steel–
concrete composite girders, although little enhance-
ment to the stiffness has been shown. Sen et al. (2001)
strengthened steel–concrete composite girders that
were initially loaded past the yield strength of the ten-
sion flange. Ultimate strength increases were possible,
however stiffness increases were small particularly for
the thinner of the two types of CFRP laminate strips
studied. It was noted that even for these specimens,
the increase in the elastic region of the strength-
ened members might allow service load increases.
Tavakkolizadeh and Saadatmanesh (2003a) also noted
considerable ultimate strength increases and insignifi-
cant elastic stiffness increases. Potential to increase the
elastic stiffness increase by strengthening with many
plys of CFRP strips was discounted, since as the num-
ber of plys increase, the efficiency for utilizing the
CFRP decreased. However, for girders that simulated
corrosion damage with notches of the tension flange,
Tavakkolizadeh and Saadatmanesh (2003c) found that
elastic stiffness increases were possible.

Vatovec et al. (2002) performed tests on square
tubular steel sections that were 152 mm in depth
with a span of 3048 mm. After some early trials, the
tubes were filled with concrete to prevent premature
local buckling of the tubes. The reported increases of
strength varied from 6 to 26 percent depending on the
configuration and number of plys used. No meaningful
difference in stiffnesses between the unstrengthened
tubes and strengthened tubes could be found and it
was claimed that strengthened steel elements could
not develop the full ultimate tensile or compressive
strength of the CFRP due to premature delamination.

Current techniques for strengthening and rehabilita-
tion of steel structures often require bolting or welding
steel plates to the existing structure. Welding is often
not desirable due to the poor fatigue performance of
welded connections. In contrast, the fatigue perfor-
mance of repairs made to cracked steel cross-girders by

bonding with CFRP has been shown to be effective up
to 20 million cycles (Bassetti et al. 2000). For notched
tensile specimens subjected to fatigue loading,
Gillespie et al. (1997) has shown that CFRP patches
applied across the notch have the effect of reducing the
stress concentration at the notch, thereby substantially
increasing the life of the specimen due to the slower
rate of crack propagation. This finding was confirmed
for notched flexural specimens subjected to fatigue
loading (Tavakkolizadeh and Saadatmanesh, 2003b).

The durability of CFRP materials bonded to metal-
lic surface has to be carefully considered due to the
potential for galvanic corrosion to occur if three con-
ditions are met: an electrolyte (such as salt water)
must bridge the two materials, there must be electrical
connection between the materials and there must be
a sustained cathodic reaction on the carbon (Francis,
2000). Brown (1974) studied the corrosion of differ-
ent metals connected to CFRP by adhesive bonding
or bolting. For the specimens connected by adhesive
bonding there was no accelerated corrosion attack.
This behavior was claimed to be due to the insu-
lating behavior of most structural adhesives in not
allowing electrical contact between the two materials.
Tavakkolizadeh and Saadatmanesh (2001) provided
the most comprehensive study of galvanic corrosion
between steel and CFRP to date. Thicker epoxy films
between the steel and CFRP surfaces were shown
to significantly slow the corrosion rate of steel. The
proceeding study proposed placing a layer of non-
conductive GFRP as an insulating layer between the
steel and CFRP interface. However, Tucker and Brown
(1989) have found that glass fibers placed within a
carbon fiber composite result in the blistering of the
composite by creating conditions favorable for the
development of a strong osmotic pressure within
the composite. Clearly, water being drawn within the
bond line by osmotic pressure is not favorable for
maintaining a durable bond.

1.3 Carbon fiber material

The work presented in this paper makes use of two
types of carbon fiber with properties given in Table 1.
The high modulus carbon fiber used, was in the form
of unidirectional tow sheets or CFRP laminate strips.
These sheets had a width of 330 mm and are suitable
when a wet lay-up process is necessary to conform

Table 1. Fiber properties for two types of fiber used in the
experimental program.

Intermediate
Fiber type High modulus modulus

Tensile modulus (GPa) 640 438
Tensile strength (MPa) 2450 2550
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to the exact surface configuration of the structure.
The same fiber was also pultruded into unidirectional
CFRP laminate strips using Resolution Performance
Products Epon 9310 epoxy resin with Ancamine 9360
curing agent at a fiber volume content of 55 percent.
These strips were expected to be more suitable for field
applications where a greater degree of strengthening
is required and flat uniform surfaces are available for
bonding. An intermediate modulus fiber was also pul-
truded using the same epoxy and to the same fiber
volume fraction. The properties of the CFRP strips,
as determined by the manufacturer, are provided in
Table 2.

2 EXPERIMENTAL PROGRAM

2.1 Outline

The main objective of the experimental program is
to develop a system to increase the elastic stiffness
and ultimate strength of steel structures. The pro-
gram consists of three phases. The first phase was
conducted to determine a suitable resin for the wet
lay-up of unidirectional carbon fiber sheets bonded to

Table 2. CFRP strip properties for two types of strips used
in the experimental program.

Intermediate
Strip type High modulus modulus

Width (mm) 75 75
Thickness (mm) 1.4 3.2
Tensile modulus (GPa) 340 230
Compressive 317 177

modulus (GPa)
Tensile strength (MPa) 1190 1230
Compressive 355 470

strength (MPa)
Tensile rupture strain 3.32 5.08

(millistrain)

Figure 1. Cross-section dimensions and loading configuration of typical adhesive selection and development length specimen.

steel. For applications requiring more strengthening
material, adhesive bonding of CFRP laminate strips
is more practical. As such, the second phase focused
on selection of adhesives and continued to determine
development lengths for both materials. The third
phase of the program was conducted to investigate
the performance of the strengthening technique using
larger scale specimens, including steel monopoles and
steel–concrete composite girders.

2.2 Phase I: resin selection

Resin selection for the wet lay-up process was deter-
mined through testing of double lap shear coupons
using ten different resins. Additional variables
included different cure temperatures, use of a wetting
agent and resin hybridization resulting in a total of
twenty-two different trials. This work is presented in
greater detail elsewhere, Schnerch et al. (2004).

2.3 Phase II: adhesive selection and development
length study

2.3.1 Test specimens
Test specimens for adhesive selection and determin-
ing the development length for bonded laminate strips
were Super Light Beams, designated SLB 100 × 4.8,
as shown in Figure 1. The same beam specimens were
also used to determine the development length for the
CFRP sheets. An additional 6.4 mm thick, grade A36
steel plate was welded to the compression flange to
simulate the strain profile of a bridge girder that acts
compositely with a concrete deck, such that the neutral
axis is located closer to the compression flange. The
beams were then strengthened on the tension flange
with either the CFRP laminate strips described previ-
ously, or by bonding one layer of the CFRP sheets.
For this study, the width of the laminate strip was
reduced to 35.8 mm to fit within the tensile flange of
the test specimens. The width of the CFRP sheets used
was 53.7 mm and its effective thickness was 0.19 mm.
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Table 3. CFRP laminate strip ultimate strain (millistrain) and failure mode for various development lengths.

Development lengths

Adhesive Plys 254 mm 203 mm 152 mm 127 mm 102 mm 76 mm 51 mm

Weld-On SS620 1 – 3.08 2.96 – 3.16 2.80 1.55
rupture rupture rupture rupture debond

SP Spabond 345 1 – 2.88 2.93 – 3.11 2.43 1.83
rupture rupture rupture rupture debond

Vantico Araldite 2015 1 – 3.09 2.98 – 2.82 2.18 –
rupture rupture rupture debond

Jeffco 121 1 – 2.98 3.28 2.66 3.01 – –
rupture rupture rupture debond

Fyfe Tyfo MB2 1 – 3.47 3.06 – 2.10 – –
rupture debond debond

Sika Sikadur 30 1 – 2.81 – – – – –
debond

SP Spabond 345 2 – 3.09 – – – – –
rupture

Jeffco 121 2 2.02 – – – – – –
debond

* note that underlined strain values are the average from repeated tests and dashed indicate that no tests were
conducted.

Different laminate strip lengths, varied from 51 mm
to 203 mm, were used to determine the approximate
development length and most suitable adhesive for
bonded laminate strips. A length of 51 mm was used
for the CFRP sheet and shown to be conservative in
developing the full strength of the fibers.

2.3.2 Test procedure and instrumentation
Six adhesives for bonding the laminate strips and two
resins for bonding carbon fiber sheets were evaluated
in the development length study. The six adhesives
were: Fyfe Tyfo MB2, Jeffco 121, Sika Sikadur 30,
SP Systems Spabond 345, Vantico Araldite 2015, and
Weld-On SS620.The two resins were Degussa MBrace
Saturant and Sika Sikadur 330. These two resins were
selected from the ten resins evaluated using double
lap-shear coupons in the first phase.

The beams were simply supported and loaded under
four-point loading using a spherically seated bearing
block over two 25 mm diameter steel rollers. Lateral
bracing was provided by supporting the top flange
of the beam over the supports with two steel angles
fixed to each support. Load was applied at a constant
displacement rate of 0.75 mm/min.

Strain and displacement were measured at mid-
span of the beam. Strain was measured using foil
strain gauges bonded on the inside of the compres-
sion flange, inside of the tension flange, and outside
of the tension flange for the unstrengthened spec-
imen and outside on the laminate strip, or carbon
fiber sheet, for the strengthened beams. Displacement
was measured using two linear voltage displacement
transducers.

Table 4. CFRP sheet ultimate strain (millistrain) and failure
mode for various development lengths.

Development lengths

Resin Plys 102 mm 76 mm 51 mm

Degussa MBrace 1 – – 3.57
Saturant rupture

Sika Sikadur 330 1 – – 3.41
rupture

Degussa MBrace 2 3.24 2.04 2.58
Saturant rupture debond debond

Sika Sikadur 330 2 3.19 2.84 2.33
rupture rupture debond

* note that underlined strain values are the average from
repeated tests and dashed indicate that no tests were
conducted.

2.3.3 Results and observations
The results of the tests are shown in Tables 3 and
4 for the laminate strips and carbon fiber sheets
respectively, indicating the ultimate strain at failure,
either by rupture or debonding from the steel surface.
The specimens fabricated using SP Spabond 345 and
Weld-On SS620 adhesives had the shortest devel-
opment lengths, developing the ultimate CFRP strip
strain at a length of approximately 102 mm. Speci-
mens tested with both Sika Sikadur 330 and Degussa
MBrace Saturant achieved ultimate strain of the car-
bon fiber sheet at the development length of 51 mm.
Certain development lengths were replicated to vali-
date results. The average strains from these tests are
underlined in both tables.
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Figure 2. Longitudinal strengthening configuration of monopole (MWL).

Of the six adhesives tested, SP Spabond 345 and
Weld-On SS620 achieved a development length of
102 mm, Jeffco 121 andVanticoAraldite 2015 reached
152 mm, Fyfe Tyfo MB2 was 203 mm, and Sika
Sikadur 30 was greater than 203 mm.The development
lengths were based on ultimate strain of the laminate
strip and failure by rupture.

Two tests were completed to verify a linear relation-
ship assumption between the thickness of the laminate
strips and the development length. Using the lami-
nate strips provided, thickness was doubled by bonding
two layers with the adhesives SP Spabond 345 and
Jeffco 121 at the development lengths of 203 mm and
254 mm respectively. As shown in Table 3, the ulti-
mate strain for the beam bonded with SP Spabond 345
achieved 3.09 millistrain and a rupture failure mode,
which was the same failure mode and almost the same
strain measurement, 3.11 millistrain, as the 102 mm
development length tested beam. Ultimate strain for
the beam bonded with Jeffco 121 was 2.02 milli-
strain; which was a little less than the ultimate strain
of the laminate strip at half the development length
of 127 mm, which was 2.66 millistrain. No conclusive
decisions can be drawn from these few tests, though
the results did show that doubling the thickness of the
laminate strip increased the development length by at
least twice the length for one layer of CFRP strip.

The same study was completed using carbon fiber
sheets for 51, 73, and 102 mm development lengths.
The results from these tests showed that doubling the
thickness of the carbon fiber sheets required at least
twice the development length needed for one layer. At
102 mm development length, the ultimate strain of the
carbon fiber sheet was achieved.

2.4 Phase III: testing of scaled members

2.4.1 Scaled steel monopoles
2.4.1.1 Test specimens
Three scaled steel monopoles were fabricated from
A572 grade 60 steel with similar proportions to
monopoles that are typically used as cellular phone

towers. The length of the monopole was 6096 mm
with a dodecagonal, or twelve-sided, cross-section.
The cross-section depth as measured from outside to
outside of two opposing sides was tapered uniformly
along the length, with a maximum depth of 457 mm at
the base and a minimum depth of 330 mm at the tip.
Cold forming was used to fabricate the monopole from
two equal halves, which were then welded together
along their length near mid-depth of the monopole.
The monopole was welded to a base plate that was
38 mm in thickness to allow mounting of the monopole
to a fixed structural wall.Three different strengthening
configurations were examined in this series of testing.
Monopole (MWL) was strengthened by wet lay-up of
the high modulus CFRP sheets. Monopole (MAB-H)
was strengthened by bonding CFRP laminate strips
pultruded using the same high modulus fibers. The
final monopole (MAB-I) was strengthened by bond-
ing pultruded strips using an intermediate modulus
carbon fiber.

Monopole (MWL) was strengthened by wet lay-up
of 330 mm wide unidirectional, CFRP sheets in both
the longitudinal and transverse directions using Sika
Sikadur 330 resin. This process allowed the composite
material to exactly conform to the surface configura-
tion of the monopole. Strengthening was performed
to match the demand placed on the monopole due to
the cantilever loading condition. From a preliminary
analysis, it was found that most of the strengthening is
required at the base of the monopole and no strength-
ening was required from mid-span to the tip. As such,
the thickness of the applied CFRP sheets was tapered
from four plys of the sheets at the base to one ply ter-
minating at mid-length of the monopole as shown in
Figure 2. Anchorage was provided for the sheets by
continuing the fibers past the shaft of the monopole
and bending the fibers up onto the base plate. More
resin was applied to the surface of the fibers and sev-
eral steel angles were used to mechanically anchor the
fibers to the base plate.

Half-width sheets were used to wrap the longitudi-
nal sheets transversely to prevent possible premature
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Figure 3. Longitudinal strengthening configuration of monopoles (MAB-H) and (MAB-I).

delamination of the strengthening applied to the com-
pression side of the monopole. These sheets were
wrapped around the cross-section in two halves such
that they overlapped by 100 mm at mid-depth of
the monopole. The transversely oriented sheets were
applied continuously from the base to 1200 mm along
the length to also delay the onset of local buckling
of the steel on the compression side. From this point
to the mid span, the transversely oriented sheets were
spaced apart from each other.

The two remaining monopoles were strengthened
by adhesive bonding of unidirectional CFRP laminate
strips. Monopole (MAB-H) used high modulus CFRP
strips and monopole (MAB-I) used intermediate mod-
ulus strips. For both monopoles, the adhesive used was
Spabond 345 with a fast hardener, manufactured by
SP Systems. Similar to monopole (MWL), due to the
requirement for greatest strength increase at the base,
six strips were applied to the three flat sides on both
the tension and compression sides of the monopole and
the amount of strengthening provided decreased with
increasing distance from the base as shown in Figure 3.
To allow comparison of the effectiveness between the
two adhesive bonded systems, the applied strength-
ening had approximately equal values of the Young’s
Modulus multiplied by the cross-sectional area of the
applied strips. To accomplish this, the width of the
strips applied to the flats on the sides was reduced to
50 mm for monopole (MAB-I). Anchorage was pro-
vided by the addition of steel gusset plates welded
from the base plate along the shaft at the corners of
the cross-section. The length of the gusset plate was
200 mm to allow full development of two plys of the
high modulus CFRP strips.

2.4.1.2 Test procedure and instrumentation
Each of the three monopoles was statically loaded to
60 percent of the specified yield stress and unloaded
to determine the initial stiffness of each monopole. For
monopole (MWL) this was completed before strength-
ening and for monopoles (MAB-H) and (MAB-I) this
was completed after the addition of the gusset plates,

Figure 4. Test setup for scaled monopoles.

but before strengthening with the CFRP strips. The
monopoles were tested as cantilevers using the test
setup shown in Figure 4. The monopole was mounted
horizontally to a rigid structural wall by bolting to a
steel fixture. Load was applied with nylon straps near
the tip of the monopole, pulling the tip of the monopole
upward. This type of loading was used to most closely
represent the loading condition of a field monopole,
whereby most of the loading from wind pressure is
concentrated at the location of the antennas.

After strengthening, each monopole was reloaded
to the same mid-pole displacement as the same
monopole before strengthening to determine the stiff-
ness increase resulting from the applied strengthening.
After unloading, nylon straps were exchanged for steel
chains and the monopoles were loaded to failure.

Measurements were taken of the deflection and
extreme fiber strains at quarter points of the
monopoles in addition to the actuator load and dis-
placement. Deflection was also recorded at the base to
determine the uplift as well as the rotation of the base
plate. From these displacements, the net deflection of
the monopole was calculated.

2.4.1.3 Results and observations
Monopole (MWL): The result of strengthening by wet
lay-up of CFRP sheets was that the net deflection
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Figure 5. Comparison of net mid-length and tip displace-
ments before and after strengthening of monopole (MWL).

of the monopole was reduced by 25 percent at the
mid-length and the tip deflection was reduced by
17 percent compared to the unstrengthened monopole.
The load-deflection behavior for both the strength-
ened monopole (MWL) and the same monopole before
strengthening are given in Figure 5.The monopole was
then reloaded to failure, which occurred due to rupture
of the sheets on the tension side underneath the anchor-
age. Following rupture, redistribution of the stresses in
the monopole resulted in local buckling of the mono-
pole on the compression side about 150 mm from the
base, as shown in Figure 6. This buckling ruptured
the longitudinal and transverse fibers surrounding the
buckled region. The ultimate moment capacity of
the monopole was 548 kN-m with a maximum net
deflection at the tip of 129 mm.

Monopole (MAB-H): The monopole was reloaded
to the same mid-length displacement as before strength-
ening, but after welding of gusset plates. Figure 7
shows the load-deflection behavior at mid-length and
at the tip. Net deflection of the monopole was reduced
by 39 percent at mid-length and by 30 percent at the
tip. Upon loading to failure, crushing of the laminate
strips on the compression side preceded their debond-
ing. Two of the strips on the tension side ruptured,
while one debonded, as shown in Figure 8. Failure of
the monopole was by local buckling near the base.

Monopole (MAB-I): Figure 7 also shows the behav-
ior of the monopole strengthened with the intermediate
modulus CFRP strips. This monopole showed the
greatest stiffness increase, with a reduction of the
net mid-length and tip deflection by 53 percent and
39 percent, respectively. Debonding of all the strips
on the tension side occurred just after yielding of the
monopole. Examination of the failure surface after

Figure 6. Detail of local buckling at base showing anchor-
age angles for sheets.
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Figure 7. Comparison of net mid-length and tip displace-
ments before and after strengthening monopoles (MAB-H)
and (MAB-I).

testing showed that the strips were not fully wetted by
the adhesive. This was likely due to their application
being completed from underneath, together with their
greater thickness in comparison to the previous strips
resulting in possible sagging during adhesive curing.
Near the ultimate strength of the monopole, but prior
to local buckling, the strips on the compression side
first crushed, and then began to debond.

2.4.2 Scaled steel–concrete composite girders
2.4.2.1 Test specimens
Three identical steel–concrete composite girders were
fabricated, simulating the geometry of steel–concrete
girders commonly used for bridge structures. These
girders used gradeA36 steel W310 × 45 sections, with
shear studs welded along the length of the compres-
sion flange to ensure full composite action between
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Figure 8. Rupture of CFRP strips at end of gusset plates for
monopole (MAB-H).

the concrete deck and the steel section as shown in
Figure 9. These studs were staggered to prevent lon-
gitudinal cracking of the deck. The concrete deck was
100 mm thick and 835 mm in width and was reinforced
with grade 60 steel reinforcing bars with a diameter of
12.7 mm at a spacing of 100 mm in the longitudinal
direction and 152 mm in the transverse direction. End
blocks were cast with the deck and fully encasing the
steel girder at the ends to provide lateral stability and
to eliminate the possibility of web crippling at the sup-
ports during loading.The distance from inside to inside
of the end blocks was 6250 mm.

Concrete for all the girders was cast simultaneously
from a single batch to minimize differences among the
three girders. A nominal concrete strength of 31 MPa
was used in the design; however test results of four
standard concrete cylinders after 28-days provided a
compressive strength of 44 MPa with a standard devi-
ation of 2 MPa. Results of an additional four concrete
cylinders at the time of testing indicated no change in
the concrete strength from the 28-day strength.

Figure 9. Cross-section of steel–concrete composite girder
(CGAB-I).

The first steel–concrete composite girder (CGAB-I)
represents one of the three different strengthening
configurations considered in this investigation. The
strengthening technique for this girder was achieved
using the same intermediate modulus CFRP strips used
for strengthening monopole (MAB-I). As shown in
Figure 10, two strips with a length of 4000 mm were
placed side by side to strengthen the middle of the
girder. The effectiveness of a spliced connection was
investigated by bonding additional 1000 mm strips on
either side of the main longitudinal strips and spliced
with 400 mm long pieces of the same type of strip.This
allowed a development length of 200 mm (or twice
the development length determined from the second
phase of the study) to transfer the forces from the
4000 mm long strips into the 1000 mm long strips.
As a precaution against debonding due to peeling, the
strips were wrapped around the flange by wet lay-up
of 330 mm unidirectional carbon fiber sheets at the
splice locations and at the ends of the 1000 mm long
pieces.

Strengthening of composite girder (CGAB-I) was
completed immediately following grit blasting the ten-
sion flange with an abrasive consisting mainly of
angular iron and aluminum silicates produced as a
by-product of coal fired power-generating stations.
Surface preparation of the strips followed the same
procedure used for the monopoles. All the strip ends
were detailed with a 20-degree reverse bevel.This type
of end treatment has been shown by Adams (2001) to
improve the bond performance of the CFRP to steel
due to reduction of the stress concentration at these
critical locations.

The second composite girder (CGAB-H) will be
strengthened using three plys of the high modulus
carbon fiber strips similar to the ones used for strength-
ening monopole (MAB-H).The third composite girder
(CGAB-H-PS) will also make use of the high modulus
strips, however using one prestressed ply to improve
the initial stiffness of the girder. Test results of the last
two girders will be presented at the conference.
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Figure 10. Reinforcement scheme for steel–concrete composite girder (CGAB-I).

2.4.2.2 Test procedure and instrumentation
All composite girders were initially subjected to a
four-point flexural bending test with two equal loads
applied symmetrically about the center of the girder as
shown in Figure 11. The constant moment region was
1000 mm in length and load was applied across the
entire width of the composite girder by means of two
hollow square steel tubular sections with 25 mm thick
neoprene pads placed between the tubes and the fin-
ished concrete surface. The girders spanned 6400 mm,
center-to-center of the 75 mm thick neoprene support
pads. Each girder was loaded to 60 percent of the spec-
ified yield stress and unloaded to determine the initial
stiffness properties before strengthening. The girder
was loaded under displacement control of the actuator
at a rate of 0.5 mm/min.

After strengthening, the girder was reloaded to the
same mid-span displacement using the same displace-
ment rate to determine the stiffness increase. The
girder was reloaded to failure using the same rate
before yield, and then increased to 2.0 mm/min after
yield.

Instrumentation consisted of wire potentiometers
to measure the deflection at the quarter points of the
girder and under the load points. Two potentiome-
ters were also positioned at each end of the girder
to measure the support settlement and the girder
rotation. Strain gauge type displacement transducers
were positioned above the top surface of the con-
crete and underneath the tension flange at each quarter
point to determine the extreme fiber strains at these
locations. For the strengthened girder, additional foil
strain gauges were applied to the surface of the FRP
at additional locations near the splice to determine its
effectiveness.

2.4.2.3 Results and observations
The load deflection behavior for the three loadings
of composite girder (CGAB-I) is shown in Figure 12.
The first loading was completed to a load of 155 kN
at a net mid-span deflection of 16.1 mm. The sec-
ond loading, showed the effectiveness in providing

Figure 11. Test setup for steel–concrete composite beam
(CGAB-I) before strengthening.

stiffness increase to the girder, resulting in a load of
173 kN at the same mid-span deflection or a 12 percent
increase compared to the predicted value of 19 percent
using moment curvature analysis. No degradation of
the stiffness was apparent for the third loading, which
became only slightly nonlinear after yielding of the
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Figure 13. Concrete crushing failure and CFRP strip rup-
ture of steel–concrete composite girder (CGAB-I).

steel. The ultimate load, which was recorded prior to
rupture of the CFRP strips, was 418 kN. The measured
maximum CFRP strip strain, occurring at mid-span of
the girder, was 4.50 millistrain. This is slightly less

than the ultimate strain of the laminate subjected to
pure tension conditions, determined by the manufac-
turer to be 5.08 millistrain.The load drop at failure was
measured to be 42 percent, compared to a predicted
value of 38 percent. Failure of the girder occurred at
a load of 358 kN due to crushing of the concrete near
one of the load points, as shown in Figure 13. This
load represents the ultimate load of an unstrengthened
girder, since at this point most of the strengthening
material was no longer effective. As such, the ultimate
load increase was 18 percent compared to an expected
value of 24 percent. This difference was due to the
higher measured concrete strain than the anticipated
value for the girder.

Rupture of the fiber occurred within the constant
moment region. Away from the rupture location, the
strips partially debonded. The debonding surface was
partially between the adhesive and the strip and par-
tially within the strip itself, leaving a thin layer of
fiber still bonded to the girder in some locations, as
shown in Figure 14. No debonding or other distress was
observed from the location of the splice to the ends of
the girder, where the splice was wrapped transversely
with sheets around the top of the tension flange.

3 CONCLUSIONS

A strengthening system for steel structures has been
developed using high modulus CFRP sheets and high
or intermediate modulus CFRP strips for providing
stiffness increases and strength increases. Resins and
adhesives for these materials have been selected. Typ-
ically development lengths for the CFRP sheets used
are 50 mm, whereas for the strips, the development
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Figure 14. Soffit of girder (CGAB-I) showing interlaminar
shear failure of CFRP strip away from midspan.

length varies between 100–200 mm based on the
adhesive used. Substantial stiffness increases up to
39 percent at the tip have been shown for the three
strengthened monopoles that were tested. The first
steel–concrete composite girder tested in this pro-
gram showed a stiffness increase of 12 percent and an
ultimate strength increase of 18 percent. This strength-
ening technique achieved up to a 42 percent strength
increase before rupture of the fibers.
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ABSTRACT: An accurate local bond-slip model is of fundamental importance in the modelling of FRP-
strengthened RC structures.This paper has two principal objectives: (a) to provide a critical review and assessment
of existing bond-slip models to clarify the differences between existing bond-slip models and between these
models and test results, a task that does not appear to have been properly undertaken so far; and (b) to present a
set of three new bond-slip models of different levels of sophistication which are superior to existing models. A
unique feature of the present work is that the new bond-slip models are not based on axial strain measurements or
slip measurements on the FRP plate, but instead they are based on the predictions of a meso-scale finite element
model, plus appropriate calibration with the experimental results of a few key parameters. Through comparisons
with a large test database, the new bond-slip models are shown to provide accurate predictions of both the bond
strength (i.e. ultimate load) and the strain distribution in the FRP plate.

1 INTRODUCTION

Over the past decade, external bonding of fibre rein-
forced polymer (FRP) plates or sheets (referred to as
plates only here after for brevity) has emerged as a
popular method for the strengthening of reinforced
concrete (RC) structures (Teng et al. 2002, 2003a).
An important issue in the strengthening of concrete
structures using FRP composites is to design against
various debonding failure modes, including: (a) cover
separation (e.g. Smith and Teng 2002a, 2002b, 2003);
(b) plate end interfacial debonding (Smith and Teng
2002a, 2002b); (c) intermediate (flexural or flexural-
shear) crack (IC) induced interfacial debonding (Teng
et al. 2003b); and (d) critical diagonal crack (CDC)
induced interfacial debonding (Oehlers et al. 2003).
The behaviour of the interface between the FRP and
the concrete is the key factor controlling debonding
failures in FRP-strengthened structures.Therefore, for
the safe and economic design of externally bonded
FRP systems, a sound understanding of the behaviour
of FRP-to-concrete interfaces needs to be developed.
In particular, a reliable local bond-slip model is of
fundamental importance to the accurate modelling
and hence understanding of debonding failures in
FRP-strengthened RC structures.

In various debonding failure modes, the stress state
of the interface is similar to that in a pull test specimen

t a
t f

L

b f b c

FRP

Adhesive

Free zone
P

Fracture plane

Free end Loaded end

Figure 1. Schematic of pull test.

in which a plate is bonded to a concrete prism and
is subject to tension (Figure 1). Such pull tests can
be realized in laboratories in a number of ways with
some variations (Chen and Teng 2001), but the results
obtained are not strongly dependent on the set-up as
long as the basic mechanics as illustrated in Figure 1
is closely represented (Yao et al. 2004).

The pull test not only delivers the ultimate load
(also referred to as the bond strength hereafter in this
paper) of the FRP-to-concrete interface, but also has
been used to determine the local bond-slip behaviour
of the interface (Maeda et al. 1997, Brosens and van
Gemert 1999, De Lorezis et al. 2001, Nakaba et al.
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2001, Wu et al. 2001, Dai and Ueda 2003, Ueda et al.
2003, Savioa et al. 2003,Yuan et al. 2004). Local bond-
slip curves from pull tests are commonly determined
in two ways: (a) from axial strains of the FRP plate
measured with closely spaced strain gauges (e.g.
Nakaba et al. 2001); (b) from load–displacement (slip
at the loaded end) curves (e.g. Ueda et al. 2003). In
the first method, the shear stress of a particular loca-
tion along the FRP-to-concrete interface can be found
using a difference formula, while the corresponding
slip can be found by the numerical integration of
the measured axial strains of the plate. This method
appears to be simple, but in reality cannot produce
accurate local bond-slip curves. This is because the
axial strains measured on the thin FRP plate generally
show violent variations as a result of the discrete nature
of concrete cracks, the heterogeneity of concrete and
the roughness of the underside of the debonded FRP
plate. For example, a strain gauge located above a crack
will have a much greater strain than one that sits above
a large aggregate particle. The shear stress deduced
from such axial strains is thus not reliable although the
slip is less sensitive to such variations. Consequently,
bond-slip curves found from different tests for nomi-
nally the same interface may differ substantially. The
second method is an indirect method and has its own
problem: the local bond-slip curve is determined indi-
rectly from the load-slip curve, but it is easy to show
that rather different local bond-slip curves may lead to
similar load–displacement curves.

This paper has two principal objectives: (a) to
provide a critical review and assessment of existing
bond-slip models, and (b) to present a set of three
new bond-slip models. The former part aims to clar-
ify the differences between existing bond-slip models
and between these models and test results, a task that
does not appear to have been properly undertaken so
far. The former part also sets the stage for the latter
part in which three new bond-slip models of differ-
ent levels of sophistication are presented. A unique
feature of the present work is that the new bond-slip
models are not based on axial strain measurements
or slip measurements on the FRP plate, but instead
they are based on the predictions of a meso-scale
finite element model with numerical smoothing, plus
appropriate calibration with the experimental results
of a few key parameters. The numerical results allow
the use of a smoothing procedure and the smooth-
ing procedure removes the effect of local fluctuations
on the predicted local bond-slip curve. It should be
noted that in experimental work, such smoothing is
impossible because the axial strains in the FRP plate
are generally available only at much wider spacings.
The experimental calibration of the predicted bond
behaviour is brought in through the comparison of
key parameters such as the bond strength that are
much more reliable than local strain measurements

on the FRP plate. Therefore, the present approach for
obtaining local bond-slip curves is advantageous over
the two existing approaches in that it does not suffer
from the random variations associated with strain
measurements nor the indirectness of the load-slip
curve approach.

2 EXISTING THEORETICAL MODELS FOR
BOND BEHAVIOR

2.1 Bond strength models

Many theoretical models have been developed from
1996 onwards to predict the bond strengths of FRP-to-
concrete bonded joints, generally on the basis of pull
test results. These are commonly referred to as bond
strength models. Altogether 12 bond strength mod-
els have been found in the existing literature, and 8
of them have been examined in detail by Chen and
Teng (2001). These 8 models have been developed by
Tanaka (1996), Hiroyuki and Wu (1997), van Gemert
(van Gemert 1980, Brosens and Gemert 1997), Maeda
et al. (1997), Neubauer and Rostasy (1997), Khalifa
et al. (1998), Chaallal et al. (1998) and Chen and
Teng (2001). The 4 models not covered by Chen and
Teng (2001) include three models (Izumo, Sato,
and Iso) developed in Japan and described in a
recent JCI (2003) report and one developed by Yang

Table 1. Factors considered by existing bond strength
models.

FRP Effective
Bond strength Concrete plate bond Width
model strength stiffness length ratio

1 Tanaka (1996) No No No No
2 Hiroyuki and No No No No

Wu (1997)
3 van Gemert Yes No No No

(1980)
4 Maeda et al. Yes Yes Yes No

(1997)
5 Neubauer Yes Yes Yes Yes

and Rostasy
(1997)

6 Khalifa et al. Yes Yes Yes No
(1998)

7 Chaallal et al. No Yes No No
(1998)

8 Chen and Yes Yes Yes Yes
Teng (2001)

9 Izumo Yes Yes No No
(JCI 2003)

10 Sato (JCI 2003) Yes Yes Yes No
11 Iso (JCI 2003) Yes Yes Yes No
12 Yang et al. Yes Yes Yes No

(2001)
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et al. (2001). Table 1 provides a summary of the key
parameters considered by these 12 models, while an
assessment of their accuracy is given later in the paper.

2.2 Bond-slip models

Despite the difficulty in obtaining local bond-slip
curves from pull tests directly, local bond-slip models
for FRP-to-concrete interfaces have been developed,
based on strain measurements or load-slip curves. Six
local bond-slip models available in the existing litera-
ture are summarized in the Appendix, where τ (MPa)
is the local bond (shear) stress, s (mm) is the local slip,
τmax (MPa) is the local bond strength (i.e. the maxi-
mum bond/shear stress experienced by the interface),
s0 (mm) is the slip when the bond stress reaches τmax,
sf (mm) is the slip when the bond stress reduces to
zero, Gf (N/mm) is the interfacial fracture energy, βw
is the width ratio factor, bc (mm) and bf (mm) are
the widths of the concrete prism and the FRP plate,
Ec, f ′

c and ft (all in MPa) are the elastic modulus,
cylinder compressive strength and tensile strength of
concrete, Ef (MPa) and tf (mm) are the elastic modu-
lus and thickness of the FRP plate, Ea (MPa), Ga and
ta (mm) are the elastic and shear moduli and thick-
ness of the adhesive layer, and the shear stiffness of
the adhesive layer Ka = Ga/ta. In addition, Sato (JCI
2003) proposed a model which was modified from an
existing bond-slip model for rebar-concrete interfaces
by replacing the yield strain of steel with the ultimate
tensile strain of FRP, based on strain measurements on
FRP-strengthened RC tension members. As a result,
the model has included the effect of tensile cracks
and is not a true local bond-slip model. This model
is therefore not further discussed.

Of the 6 models, the recently proposed models by
Dai and Ueda (2003) and Ueda et al. (2003) were based
on test data which contained specimens with very soft
adhesives. Their specimens had a shear stiffness of the
adhesive layer Ka being between 0.14 to 1.0 GPa/mm.
All other models did not consider such soft adhesives.
Numerical results not presented here showed that for
values of Ka in the range of about 2.5 GPa/mm to about
10 GPa/mm, the bond-slip curve is little dependent on
the shear stiffness of the adhesive layer. A shear stiff-
ness of 5 GPa/mm for the adhesive layer has been used
in the present work to represent normal adhesives when
it is needed.

3 ACCURACY OF EXISTING THEORETICAL
MODELS

3.1 Bond strength models

Lu et al. (2004a) recently established a database of 253
pull tests and assessed the accuracy of existing bond
strength models. The average value and coefficient of

variation of the predicted-to-test bond strength ratios
and the correlation coefficient of each model are given
in Table 2. More detailed comparisons can be found in
Lu et al. (2004a). Table 2 shows that the bond strength
models of Maeda et al. (1997), Iso (JCI 2003), Yang
et al. (2001) and Chen and Teng (2001) are the bet-
ter models, with a good average ratio, a reasonably
small coefficient of variation and a large correlation
coefficient. Based on Tables 1 and 2, Chen and Teng’s
model is clearly the most accurate model among the 12
existing bond strength models. If Table 2 is examined
together with Table 1, it can be found that the accuracy
of a model improves as more significant parame-
ters are considered, with the effective bond length
being the most influential parameter. All the 4 better-
performing models include a definition of the effective
bond length. Of the other 8 models, 5 models do not
take the effective bond length into consideration.

3.2 Shapes of bond-slip models

For a bond-slip model to provide accurate predictions,
it needs to have an appropriate shape as well as a
correct value for the interfacial fracture energy which
is equal to the area under the bond-slip curve. The
shape of the bond-slip model determines the predicted

Table 2. Predicted-to-test bond strength ratios: bond
strength models.

Average
Predicted-
to-test bond

Bond strength strength Coefficient Correlation
model ratio of variation coefficient

1 Tanaka (1996) 4.470 0.975 0.481
2 Hiroyuki and 4.290 0.611 −0.028

Wu (1997)
3 Sato (JCI 2003) 1.954 0.788 0.494
4 Chaallal et al. 1.683 0.749 0.240

(1998)
5 Khalifa et al. 0.680 0.293 0.794

(1998)
6 Neubauer and 1.316 0.168 0.848

Rostasy (1997)
7 Izumo (JCI 1.266 0.506 0.656

2003)
8 Gemert (1980) 1.224 0.863 0.328
9 Maeda et al. 1.094 0.202 0.773

(1997)
10 Iso (JCI 2003) 1.087 0.282 0.830
11 Yang et al. 0.996 0.263 0.766

(2001)
12 Chen and 1.001 0.163 0.903

Teng (2001)
13 Proposed, 1.001 0.156 0.908

bilinear
model
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Figure 2. Bond-slip curves from existing bond-slip models.

distribution of axial strains in the plate. The predic-
tions of the 6 existing bond-slip models are shown
in Figure 2 for an FRP-to-concrete bonded joint with
the following properties: f ′

c = 32 MPa, ft = 3.0 MPa,
bf = 50 mm, bc = 100 mm, Ef tf = 16.2 GPa · mm. An
FRP-to-concrete width ratio of 0.5 was chosen for this
comparison joint as some of the bond-slip models were
based on test results of joints with similar width ratios
and do not account for the effect of varying this ratio. It
can be seen that the shapes of the predicted bond-slip
curves differ greatly (Figures 2a and 2b). The fact that
the bond stress reduces to zero at the ultimate slip dic-
tates that there exists an effective bond length beyond
which an increase in the bond length will not increase
the ultimate load.

Existing studies (e.g. Nakaba et al. 2001) have
shown that the bon-slip curve should have an ascend-
ing branch and a descending branch, similar to the
curve from Nakaba et al.’s model shown in Figure 2.
Other models with similar shapes include those by
Savioa et al. (2003), Dai and Ueda (2003) and Ueda
et al. (2003). The bilinear model can be used as an
approximation (Yuan et al. 2004), but the linear-brittle
model by Neubauer and Rostasy (1999) is unrealistic.
Apart from the general shape, three key parameters,

including the maximum bond stress, the slip at max-
imum bond stress and the ultimate slip at zero bond
stress, determine the accuracy of the model. It is inter-
esting to note that the models by Nakaba et al. (2001),
Savioa et al. (2003) and Monti et al. (2003) are in rea-
sonably close mutual agreement, and the linear-brittle
model of Neubauer and Rostasy (1999) predicts a sim-
ilar maximum bond stress. It may be noted that the
model of Savioa et al. (2001) is only a slightly modi-
fied version of the model by Nakaba et al. (2001). By
contrast, the recent models from Ueda’s group (Dai
and Ueda 2003, Ueda et al. 2003) may lead to rather
unrealistic values for the maximum bond stress when
a normal adhesive is assumed. Furthermore, the pre-
dictions by Dai and Ueda’s (2003) model are very
different from those by Ueda et al.’s (2003) model,
despite that these two models are based on the same
test database. This large discrepancy casts doubt on
the reliability of these two models.

3.3 Interfacial fracture energy of
bond-slip models

Existing research has shown that the bond strength
Pu is proportional to the square root of the interfacial
fracture energy Gf regardless of the shape of the bond-
slip curve (Taljsten 1994, Wu et al. 2002, Neubauer
and Rostasy 1997, Yuan et al. 2004), so a compari-
son of the bond strength is equivalent to a comparison
of the interfacial fracture energy. As most bond-slip
models do not provide an explicit formula for the ulti-
mate load, the bond strengths of bond-slip models need
to be obtained numerically. In the present work, they
were obtained by numerical nonlinear analyses using
MSC.Marc (2003) with a simple model consisting of
1 mm-long truss elements representing the FRP plate
connected to a series of shear springs on a rigid base
representing the bond-slip law of the interface. The
nonlinear analyses were carried out with a tight con-
vergence tolerance to ensure accurate predictions. The
theoretical predictions of the bond strength were com-
pared with the 253 results of Lu et al.’s (2004a) pull
test database. The average and coefficient of variation
of the predicted-to-test ratios together with the corre-
lation coefficient for each model are given in Table 3.
The correlation coefficients for all 6 bond-slip models
are larger than 0.8, which demonstrates that the trends
of the test data are reasonably well described by the
bond-slip models. It is clearly seen that Dai and Ueda’s
(2003) model provides the most accurate predictions,
while other models are either too conservative (Ueda
et al. 2003) or too optimistic (all other 4 models). The
coefficient of variation of this model is however still
larger than that of Chen and Teng’s model.

Of the 6 existing bond-slip models, only the model
of Dai and Ueda (2003) provides close predictions of
the bond strength. It should be noted that although
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Table 3. Predicted-to-test bond strength ratios: bond-slip
models.

Average
predicted-
to-test bond Coefficient

Bond-slip strength of Correlation
model ratio variation coefficient

1 Neubauer 1.330 0.209 0.873
and Rostasy
(1999)

2 Nakaba et al. 1.326 0.231 0.846
(2001)

3 Savioa et al. 1.209 0.199 0.847
(2003)

4 Monti et al. 1.575 0.164 0.888
(2003)

5 Dai and 1.008 0.228 0.807
Ueda
(2003)
Ka = 5000

6 Ueda et al. 0.575 0.203 0.821
(2003)
Ka = 5000

7 Proposed, 1.001 0.155 0.910
precise
model

8 Proposed, 1.001 0.155 0.910
simplified
model

9 Proposed, 1.001 0.156 0.908
bilinear
model

this model has the smallest average error in the pre-
dicted bond strength among the 6 existing bond-slip
models, it predicts a grossly incorrect shape for the
bond-slip curve with a very high maximum bond stress
for normal adhesives (Figure 2b). This means that
its predictions for the strain distribution in the FRP
plate, the effective bond length, and the bond strength
when the bond length is shorter than the effective
bond length, will be in serious error. This illustrates
the point that the accuracy of a bond-slip model for
the bond strength alone is no guarantee of its overall
performance.

3.4 Additional remarks

The comparisons presented in this section clearly illus-
trate the need for the development of a more accurate
bond-slip model as none of the existing bond-slip mod-
els provides accurate predictions of both the shape of
the bond-slip curve and the interfacial fracture energy.
In the rest of the paper, a novel numerical method for
the simulation of bond behaviour is first introduced,
followed by the presentation of three new bond-slip
models and their verification using test data.

4 MESO-SCALE FINITE ELEMENT MODEL

4.1 General considerations

In general, the debonding of FRP from concrete occurs
within a thin layer of concrete adjacent to the adhe-
sive layer unless the adhesive is rather weak. The
thickness of this concrete layer is about 2∼5 mm.
To simulate concrete failure within such a thin layer,
with the shapes and paths of the cracks properly
captured, the rotating angle crack model (RACM) (Lu
et al. 2004b, Rots & Blaauwendraad 1989) should be
used if elements with a size comparable to the thick-
ness of the concrete layer are adopted. The RACM
however has the major drawback that its constitutive
parameters do not have clear physical meanings and
have to be empirically derived from pull tests. There-
fore, the present study employed a fixed angle crack
model (FACM) (Rots and Blaauwendraad 1989) in
conjunction with a very fine finite element mesh with
element sizes being one order smaller than the thick-
ness of the facture zone of concrete. This approach
has the simplicity of the FACM for which the rele-
vant material parameters have clear physical meanings
and can be found from well established standard tests,
but in the meantime retains the capability of tracing
the paths of cracks as deformation progresses. The
present model using very small elements is referred
to as the meso-scale finite element model. To reduce
the computational effort, the three-dimensional FRP-
to-concrete bonded joint (Figure 1) was modeled as a
plane stress problem using 4-node isoparametric ele-
ments. The effect of FRP-to-concrete width ratio was
separately considered based on the work of Chen and
Teng (2001).

It should be noted that the present model differs
from those employed in existing finite element studies
of FRP-to-concrete bond behavior in which an inter-
face element is employed to simulate debonding (e.g.
Wu andYin 2003, Wu 2003). In such models, the inter-
face element has to be based on a bond-slip model
which needs to be pre-defined. Unlike the present
meso-scale finite element model, such models are not
true predictive models, although they may be used with
test data to verify/identify interfacial behavior.

4.2 Modeling of FRP

As the element size adopted in the present work for the
concrete prism is within the range of 0.25∼0.5 mm,
while the actual thickness of the FRP plate per ply
is about 1 mm, each ply was modeled using two lay-
ers of plane stress elements if the concrete element
size was 0.5 mm, or four layers of plane stress ele-
ments if the concrete element size was 0.25 mm. The
use of plane stress elements simplified the model-
ing procedure in terms of proper interaction between
FRP and concrete. The FRP plate was treated as
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an isotropic material for simplicity with the elastic
modulus being that of the longitudinal direction, as
only the longitudinal behavior of the FRP plate is of
interest here.

4.3 Modeling of concrete

When concrete is modeled using small elements (here
nearly square elements with sizes of 0.25∼0.5 mm),
the element size effect should be considered. Accord-
ing to Bazant and Planas (1997), the compressive
behavior of concrete does not depend significantly on
element sizes, so the stress–strain relationship pro-
posed by Hognestad (1951) was directly used in the
present study to simulate the compressive behavior of
concrete.

The tensile behavior of concrete was modeled using
the crack band model (Bazant and Planas 1997). The
essence of this approach is to control the post-cracking
softening branch of the tensile stress–strain curve
using the concept of fracture energy in which element
sizes are considered. For the linear softening model
proposed by Hillerborg, the ultimate tensile strain εu

cr
at which the tensile stress decreases to zero is given by
(Rots et al. 1985)

where GI
f is the fracture energy of concrete; ft is the

tensile strength of concrete; and bcr is the crack band
width (ie the element size). According to the model
code of CEB-FIP (1993), GI

f = α( f ′
c /10)0.7, where f ′

c

is the cylinder compressive strength of concrete. For
concrete of normal aggregate size, α = 0.03 (CEB-FIP
1993).

The modeling of the shear behavior of cracked con-
crete also needs to take into account the effect of
element size. Eight different shear models for cracked
concrete were compared in the present study, which
identified the following model developed at Dalian
University of Technology (Kang 1996) in China as the
best performing model (Lu et al. 2004c):

where w is the crack width and 	 is the relative slip
between the two sides of the crack, both in mm. Equa-
tion (2) was therefore adopted to model the shear
behavior of cracked concrete in the present study.

4.4 Implementation

The concrete model described above was implemented
into the general purpose finite element package MSC.
MARC (2003) as a user subroutine. Before finaliz-
ing the finite element model, several issues were first

0

500

1000

1500

2000

2500

3000

3500

0 20 40 60 80 100 120 140 160 180 200
Distance from loaded end (mm)

S
tr

ai
n 

in
 F

R
P

(µ
ε)

FEA

Test, P/Pu=0.34

Test, P/Pu=0.53

Test, P/Pu=0.84

Test, P/Pu=1.00

Figure 3. Comparison of strain distributions in the FRP
plate.

examined for accurate predictions, including the post-
peak softening scheme and the element size (Lu et al.
2004c). The final model employed an element size of
0.5 mm, with a linear softening branch for concrete
subject to tension.

The finite element model was verified by detailed
comparison with the results of 10 pull tests (Lu et al.
2004c). A close agreement was achieved for all 10
specimens. A typical comparison of the distribution
of longitudinal strain on the FRP plate for a specimen
tested by Wu et al. (2001) is shown in Figure 3.

5 DEBONDING PROCESS

The process of crack propagation in a pull test is dif-
ficult to observe in laboratory tests but can be easily
predicted by the meso-scale finite element model. It
should however be noted that the actual process of
debonding is more complicated than is predicted by
the present finite element model, as real concrete is
an inhomogeneous material. Nevertheless, the present
finite results provide useful insight into the failure
mechanism.

Figure 4 shows a set of diagrams of the contours of
the larger crack strain (total tensile strain minus elastic
strain) at each Gauss point for different slip values at
the loaded end. The state each diagram represents can
be identified by comparing its slip at the loaded end to
the slip value s0 when the local bond strength is reached
at the loaded end and sf when the ultimate load Pu is
first attained. For this specimen, s0 = 0.0585 mm and
sf = 0.154 mm.

Figure 4a shows that even at a load of 28% of the
ultimate load, the concrete under the FRP plate near
the loaded end has experienced extensive cracking.
The cracks can be classified into 3 types: (a) interfa-
cial shallow cracks; (b) interfacial deep cracks; and
(c) micro-cracks within a cracked zone under the FRP
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Figure 4. Propagation of cracks in concrete.

plate. The same three types of cracks also exist at later
stages of deformation as shown in Figures 4b∼4e.

The depths of the interfacial shallow cracks are
about 0.5∼1 mm, whose widths are small and rela-
tively uniform. This thin layer is subject to high tensile
stresses as well as high shear stresses as it is directly
bonded to the FRP. The depths of the interfacial deep
cracks are 2∼5 mm. The widths of these cracks are
relatively large. They are caused by shear stresses and
control the final debonding strength and the slip of
the interface. The overall depth of the cracked zone of

concrete is about 5∼10 mm. They are also caused by
shear stresses and some will develop into interfacial
deep cracks as deformation further increases.

The above classification of crack patterns also helps
explain the failure process. At a low level of loading,
the formation of interfacial shallow cracks at angles
of 45 ∼ 60◦ to the interface leads to the appearance
of small cantilever columns (i.e. meso-cantilevers).
With further increases in loading, these cantilevers
may grow longer as the shallow cracks grow into deep
cracks or may fail if the shear force acting on the
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cantilever reaches a critical value. The shear force Fon
the cantilever leads to axial compressive stresses which
can cause crushing failure, or flexural tensile stresses
at the root which are responsible for flexural failure
at the root (Figure 5). It is worth noting that debond-
ing as observed in laboratory tests corresponds to the
progressive flexural failure of the meso-cantilevers,
except near the loaded end where debonding is mainly
due to the crushing of the meso-cantilevers.

6 LOCAL BOND-SLIP MODELS

6.1 General

The finite element model, following verification, was
deployed to study the local bond-slip behavior, as the
stress in and the slip of the FRP plate at any point along
the interface under any level of loading can be obtained
easily from this model. The interfacial shear stresses
can be deduced from the longitudinal stresses in the
FRP plate. Due to localization of cracks, the deduced
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Figure 6. Bond-slip curves.

shear stresses show substantial local fluctuations so a
smoothing procedure was applied (Lu et al. 2004a). A
typical bond-slip curve obtained from this procedure
is shown in Figure 6.

In order to develop bond-slip models, a finite ele-
ment parametric study was carried out to establish
the relationships between various bond parameters
and geometric and material parameters. This paramet-
ric study showed that the local bond strength τmax
and the corresponding slip s0 are almost linearly
related to the tensile strength of concrete ft , while
the total interfacial fracture energy Gf is almost lin-
early related to

√
ft . Based on such finite element

bond-slip curves and some calibration with a large
test database, three bond-slip models were developed
(Lu et al. 2004a).

6.2 Precise model

The first of the three bond-slip models is referred to
as the precise model as it takes explicit account of
the effect of the adhesive layer, which is important
when the adhesive is much softer than those currently
in common use. It has been reported that very soft
adhesive layers can increase the interfacial fracture
energy (Dai and Ueda 2003).The prediction of the pre-
cise model is almost identical to that of the simplified
model presented later for normal adhesives.

The precise model describes the ascending and
descending branches separately using the following
equations:
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The local bond strength τmax and the corresponding
slip s0 are given by

where se = τmax/K0 is the elastic component of s0 and
the FRP-to-concrete width ratio βw can be expressed as

The initial stiffness of the bond-slip model is
defined by

where Ka = Ga/ta and Kc = Gc/tc. Gc is the shear mod-
ulus of concrete and tc is the effective thickness of
concrete whose deformation forms part of the interfa-
cial slip and may be taken as 5 mm unless this thickness
is specifically measured during the test.

The parameter α controls the shape of the descend-
ing branch and is given by

where the total interfacial fracture energy can be
expressed as:

while the fracture energy of the ascending branch
Ga

f can be calculated as:

Here, f (Ka) is a function of the stiffness of the
adhesive layer. Based on finite element results, for
normal adhesives with Ka ≥ 2.5 GPa/mm, the effect
of adhesive layer stiffness on Gf is very small, so it
is proposed that f (Ka) = 1 for normal adhesives. A
precise definition of f (Ka) requires further work. The
prediction of the precise model for an example FRP-
to-concrete bonded joint is shown in Figure 6 and is
seen to compare very well with the prediction of the
meso-scale finite element analysis.

6.3 Simplified model

The precise model is accurate but complicated. For
normal adhesives, a simplified model without a sig-
nificant loss of accuracy can be easily obtained. This

is because the initial stiffness of the bond-slip curve
is much larger than the secant stiffness at the peak
point when a normal adhesive of a reasonable thick-
ness is used. Therefore, the initial stiffness can be
approximated as infinity. Furthermore, the interfacial
fracture energy Gf depends little on the stiffness of
the adhesive layer. Based on these two simplifica-
tions, the following simplified bond-slip model can be
obtained:

where

and τmax and βw can be found from Eqs 3(c)
and 3(e).

The bond-slip curve of the example bonded joint
predicted by the simplified model is also shown in
Figure 6, where it can be seen that there is little dif-
ference between this model and the precise model as
a normal adhesive is used in this bonded joint. For all
practical purposes, the simplified model is sufficiently
accurate for normal adhesive joints but much simpler
than the precise model.

6.4 Bilinear model

Further simplification was made to the simplified
model, leading to a simple bilinear model which can
be used to derive an explicit design equation for the
ultimate load. This bilinear model has the same local
bond strength and total interfacial fracture energy, so
the ultimate load remains unchanged if the bond length
is longer than the effective bond length. This bilinear
model is described by the following equations:

where sf = 2Gf /τmax and τmax, s0 and βw can be
found using Eqs 3(c), 4(c) and 3(e). The prediction
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of the bilinear model is also shown in Figure 6 to
illustrate the differences between this and the other two
models.

The predictions of the proposed models and 4 of the
6 existing models are compared in Figure 7 to show
their differences. The two models by Dai and Ueda
(2003) and Ueda et al. (2003) are not included in the
comparison as they predict grossly incorrect shapes
for interfaces with normal adhesives. It can be seen
that the shapes of the proposed models are similar to
those of models by Nakaba et al. (2001) and Sovioa
et al. (2003), while the area under the curves of the
proposed models is substantially smaller than those of
the other models.The proposed models and the models
by Monti et al. (2003) and Savioa et al. (2003) and
Nakaba et al. (2001) give similar predictions for the
early part of the bond-slip curve, which means that
they will yield similar predictions of FRP strains in
the early stage of deformation.

7 ACCURACY OF THE PROPOSED
MODELS

7.1 Bond strength

In Figure 8, the bond strengths predicted using the pro-
posed bond-slip models are compared with the results
of the 253 pull tests in Lu et al.’s (2004a) database. It
can be seen that the proposed bond-slip models give
results in close agreement with the test results and per-
form better than any other bond-slip models (Table 3).
The results of the precise model and the simplified
model are almost the same, with the precise model
performing very slightly better. Table 2 shows that
the prediction of the proposed bi-linear model for the
bond strength, which can be given as a closed-form
expression (Lu et al. 2004a), performs significantly
better than all existing bond strength models except
Chen and Teng’s (2001) model. For the prediction of
bond strength, Chen and Teng’s (2001) model is still
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Figure 8. Bond strengths: test results versus predictions of
proposed bond-slip models.

recommended for use in design due to its simple form
and good accuracy.

7.2 Strain distributions in the FRP plate

The strain distributions in the FRP plate in a pull
test can be found from the bond-slip models via a
simple numerical approach (Lu et al. 2004a). The
comparison of strain distributions between tests and
predictions for specimens PG1-22 and PC1-1C2 tested
by Tan (2002), specimen S-CFS-400-25 tested by Wu
et al. (2001), and specimen B2 tested by Ueda et al.
(1999), are shown in Figures 9a∼9d. It is clear that
both the precise model and the bilinear model are
in close agreement with the test results. The precise
model does provide slightly more accurate predic-
tions, which demonstrates that the curved shape of the
precise model is closer to the real situation. Additional
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(a) Specimen PG1-22 of Tan (2002) (b) Specimen PC1-1C2 of Tan (2002)

(c) Specimen S-CFS-400-25 of Wu et al. (2001) (d) Specimen B2 of Ueda et al. (1999)
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Figure 9. Axial strains in FRP plate: test results versus predictions of proposed bond-slip models.

comparisons not reported here for a number of other
specimens for which strain distributions are available
also showed similar agreement.

Using specimen PG1-22 as an example, the strain
distributions predicted with different bond-slip mod-
els are compared with the test results in Figure 10.
Comparisons are made for the same applied load of
P/Pu = 0.40 before debonding occurs (Figure 10a)
and for the same effective stress transfer length of
125 mm in the stage of debonding propagation (Fig-
ure 10b). At a low load in the pre-debonding stage,
the predicted strain distribution does not appear to
be so sensitive to the bond-slip model used, with
several models giving predictions close to the test
results (Figure 10), including the proposed precise
model and models by Nakaba et al. (2001), Savioa
et al. (2003) and Monti et al. (2003). However, in
the stage of debonding propagation, the differences
between the models and between the model predic-
tions and the test results are large. None of the existing
models provides accurate predictions of test results
(Figure 10).

8 CONCLUSIONS

This paper has provided a critical review and assess-
ment of existing bond strength models and bond-slip
models, and presented a set of three new bond-slip
models.The assessment of theoretical models has been
conducted using the test results of 253 pull specimens
collected from the exiting literature. The develop-
ment of the new bond-slip models employed a new
approach in which meso-scale finite element results
are exploited together with test results. Based on the
results and discussions presented in this paper, the
following conclusions may be drawn.

1. The interfacial debonding process in a pull test can
be successfully simulated by a meso-scale finite
element model. Such simulations provide not only
useful insight into the debonding process but also a
tool to predict the local bond-slip curve.

2. Among the 12 existing bond strength models,
the model proposed by Chen and Teng (2001)
is the most accurate. The bond strength model
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Figure 10. Axial strains in FRP plate: test results versus
predictions of all bond-slip models.

based on the proposed bilinear bond-slip model
is as accurate as Chen and Teng’s (2001) model
but is more complicated. Chen and Teng’s model
therefore remains the model of choice for use in
design.

3. Typical bond-slip curves should consist of an
ascending branch with continuous stiffness degra-
dation to the maximum bond stress and a curved
descending branch reaching a zero bond stress at a
finite value of slip.

4. While a precise bond-slip model should consist of a
curved ascending branch and a curved descending
branch, other shapes such as a bilinear model can
be used as a good approximation. An accurate
bond-slip model should provide close predictions
of both the shape and the interfacial fracture energy
(area under the bond-slip curve) of the bond-slip
curve. None of the existing bond-slip models pro-
vides accurate predictions of both the shape and the
interfacial fracture energy as found from tests.

5. The three new bond-slip models, based on a com-
bination of finite element results and test results,
predict both the bond strength and the strain

distribution in the FRP plate accurately.These mod-
els are therefore recommended for future use in
the numerical modelling of FRP-strengthened RC
structures.
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New shear bond model for FRP–concrete interface – from modeling to
application

T. Ueda & J.G. Dai
Hokkaido University, Sapporo, Japan

ABSTRACT: This paper presents a local bond stress–slip model for FRP–concrete interface (shear bond
model). The shear bond model was derived based on a FRP stress–slip relationship at loaded end of pullout
bond test, so that necessary measurement was simplified and the data scatter problem was minimized. The shear
bond model needs only two material constants, interfacial fracture energy and interfacial ductility factor. The
shear bond model was expanded to be bond stress–slip–FRP strain model to express cases with a short bond
length. Both original and expanded shear bond models consider effects of mechanical properties of FRP, adhesive
materials and concrete substrate. Besides the shear bond model, the prediction formula for interfacial fracture
energy, effective bond length and bond strength for given anchorage length are presented.

1 INTRODUCTION

One of the unique features of externally bonding as
strengthening is debonding (or delamination) as a fail-
ure mode. Debonding is practically less likely to be
a cause of failure in conventional concrete structures
although bonding between concrete and reinforce-
ment is a primary concern. This fact clearly shows
that model for the externally bonded material-concrete
interface is vital to predict structural behavior of
concrete structures strengthened by external bonding.

External bonding with FRP is a commonly
applied strengthening method. There are various types
of fibers and impregnating/adhesive resins, whose
mechanical properties, such as strength and stiffness
are quite different. In the past there was not enough
study on bond model for FRP–concrete interface,
which is applicable to various materials. Especially
studies on effect of mechanical properties of resins
are limited. In this paper, a new model for shear bond
of FRP–concrete interface, in which material proper-
ties of FRP (fiber and impregnating resin), adhesive
resin and concrete substrate are all considered together
with interface fracture energy, is presented.

Major obstacles in experimentation for interface
bond are the necessity of arrangement of many strain
gages in a small interval and scatter in measured
strains. In this paper a completely new approach for
identifying a local bond-slip model is presented to
eliminate those obstacles. Based on the presented shear
bond model, prediction formula for effective bond
length and pullout bond strength for a given bond
length are presented.

Concrete block

FRP sheets

Load cell

Hinges

Steel plates

Figure 1. Pullout test setup.

Tension bond (or Mode I fracture) model and a
combined tension and shear (or mixed Mode fracture)
model are not discussed in this paper but in the authors’
other papers (Dai et al. 2004a, b).

2 EXPERIMENTAL OUTLINE

2.1 Test setup

A single-lap pullout test setup (see Fig. 1), in which
FRP sheets with a width of 100 mm were exter-
nally bonded to a concrete block with a size of
400 × 200 × 400 mm by wet-lay-up bonding system,
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Table 1. Mechanical properties of FRP materials.

ρ ft Ef tf εu

Fiber Type (g/m3) (MPa) (GPa) (mm) (%)

Carbon FTS-C1-20 200 3550 230 0.11 1.5
Aramid At-90 530 3030 84 0.38 2.4
Glass FTS-GE-30 300 1500 74 0.12 2.1

Note: ρ = fiber density; ft = tensile strength; Ef = elastic
modulus; tf = thickness; εu = fiber fracturing strain; FTS-
C1-20 and FTS-GE-30 sheets were offered by Nippon Steel
Composite Co. Ltd; AT-90 was offered by Nippon Aramid
Co. Ltd.

Table 2. Material properties of adhesives.

Types of ρ E ft fb
adhesives (g/cm3) (GPa) v (MPa) (MPa)

CN-100 1.13 0.39 0.45 11.8 3.7
SX-325 1.15 1.0 0.38 15.9 29.6
FR-E3P 1.17 2.41 0.38 44.7 39.0
FP-NS 1.16 2.45 0.38 48.1 39.0
(Primer)

Note: ρ = density; E = elastic modulus; v = Poisson’s ratio;
ft = tensile strength; fb = bending strength.

was applied in the study. A bond length of 330 mm
was applied in order to observe a complete peeling-off
process. In order to avoid local damage of the concrete
block, an un-bonded length (50 mm) was set by using
vinylon tape to separate the concrete surface from the
FRP sheets.

During the pullout test, displacement control load-
ing was applied. LVDT transducers were set at both the
loaded and free ends of the bond area to obtain rela-
tive slips between the FRP sheets and concrete. Strain
gages were mounted on the FRP sheets to measure
FRP sheet strain distributions.

2.2 Materials used

Four types of adhesives (including one type of primer)
and three types of FRP sheets were applied. The
mechanical properties of adhesives and FRP sheets
and the information of manufacturers are shown in
Table 1 and Table 2 respectively. Due to the obvious
non-linearity of the softer adhesive (see the tensile
stress–strain relationships of adhesives in Fig. 2), the
initial elastic modulus of adhesives is defined as the
average secant modulus for the strain between 0.0005
and 0.0025 according to JIS K7113 (1995) “Testing
Method for Tensile Properties of Plastics.” Since both
the elasticity modulus and thickness of bond layer
affect the interfacial bond properties (Lee et al. 1999,
Tripi et al. 2000, Dai et al. 2002), the property of bond
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Figure 2. Tensile stress–strain relations of adhesives.

Fiber layer

Resin matrix

Adhesive layer

Primer layer

Interlocking layer

Attached concrete

Bond layer

0.
5m

m

Figure 3. Microscopic observation of FRP sheets after
pullout test (CR3L1).

layer can be quantified using its shear stiffness (shear
modulus divided by thickness) as follows:

shear modulus of adhesive layer; ta is the thickness of
adhesive layer; EP , Ead ; tp, tad and vp, vad are the elastic
modulus, thickness and Poisson’s ratio of primer and
adhesive layer respectively.As indicated in Equation 1,
the shear stiffness of bond layer is that of a combined
layer of primer and adhesive.

To obtain the accurate geometrical information of
the adhesive layer, the FRP sheets together with attach-
ing thin concrete layer were cut out after the pullout
tests. Then the thickness of primer and adhesive layer
was measured using a microscope (see Fig. 3), and
then the shear stiffness of adhesives was calculated
with Equation 1 (see the values in Table 3). Ready-
mixed concrete with a tested compressive strength of
35 MPa was prepared in order to keep a same strength
for all the specimens.

To avoid reducing the tensile strength of FRP sheets
due to a resin matrix with low elasticity modulus, the
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Table 3. Details of specimens and pullout bond test results.

Ga/ta Ef tf Pmax Pmax Pmax
Specimen (GPa/ (kN/ •• B Gf τmax smax kN kN (Ana./ Failure
codes∗ mm) mm) (ε) mm−1 (N/mm) R2 (MPa) (mm) (Exp.) (Ana.) Exp.) mode∗

CR1L1 0.97 25.3 0.00904 10.79 1.034 0.985 5.58 0.064 23.4 22.9 0.98 CF
CR1L1 1.14 25.3 0.01046 10.44 1.384 0.996 7.22 0.066 23.1 26.5 1.15 CF
CR1L1 1.14 25.3 0.00908 10.38 1.043 0.982 6.80 0.053 24.9 22.3 0.92 CF
CR1L2 0.97 50.6 0.00664 10.01 1.115 0.991 5.58 0.069 33.5 33.6 1.00 CF
CR1L2 1.14 50.6 0.00682 11.34 1.177 0.992 6.67 0.061 39.3 34.5 0.88 CF
CR1L2 1.14 50.6 0.00732 9.04 1.356 0.991 6.13 0.077 39.3 37.0 0.94 CF
CR1L3 0.97 75.9 0.00509 10.91 0.983 0.975 5.36 0.064 42.9 38.6 0.90 CF
CR1L3 1.14 75.9 0.00554 11.13 1.165 0.987 6.47 0.057 38.4 42.1 1.10 CF
CR1L3 1.14 75.9 0.00525 12.25 1.042 0.987 6.40 0.062 38.4 39.7 1.03 CF
CR1L3 1.14 75.9 0.00496 11.69 0.930 0.994 5.45 0.059 36.9 37.5 1.02 CF
AR1L1 0.99 18.6 0.01260 9.83 1.476 0.986 7.26 0.070 25.5 23.4 0.92 CF
AR1L2 0.97 31.8 0.00955 9.47 1.450 0.979 6.87 0.073 33.6 30.4 0.90 CF
AR1L3 0.97 73.6 0.00606 10.18 1.351 0.990 6.88 0.068 39.9 44.6 1.12 CF
GR1L1 0.97 8.7 0.01443 9.66 NA 0.989 NA 0.072 13.5 NA NA FF
GR1L3 0.97 32.0 0.00848 8.12 1.444 0.995 4.88 0.062 28.6 27.1 0.95 CF
GR1L5 0.97 43.7 0.00732 11.13 1.171 0.980 6.52 0.062 33.4 32.0 0.96 CF
CR2L1 0.49 25.3 0.01124 6.24 1.598 0.993 4.99 0.111 28.1 28.4 1.01 CF
CR2L2 0.49 50.6 0.00809 5.66 1.656 0.997 4.68 0.123 43.2 40.9 0.95 CF
CR2L3 0.49 75.6 0.00596 6.71 1.343 0.993 4.51 0.103 47.4 45.1 0.95 CF
AR2L3 0.49 73.6 0.00668 6.26 1.642 0.989 5.14 0.111 47.1 49.2 1.04 CF
GR2L3 0.49 32.0 0.00869 7.70 1.208 0.986 4.65 0.090 31.0 27.8 0.90 CF
CR3L1 0.20 25.3 0.01791 2.07 NA 0.984 NA 0.335 31.8 NA NA FF
CR3L2 0.20 50.6 0.00980 2.39 2.430 0.976 2.91 0.290 47.7 49.6 1.04 CF
CR3L3 0.20 75.6 0.00732 3.06 2.205 0.993 2.81 0.227 57.6 55.3 0.96 CF
AR3L3 0.20 73.6 0.00923 2.24 3.135 0.991 3.52 0.309 60.9 67.9 1.12 CF
GR3L3 0.20 26.2 0.01820 1.70 NA 0.996 NA 0.408 33.4 NA NA FF

Note: (1) For specimen codes, first letter/C: carbon, A: aramid, G: glass; R + number/R1: FR-E3P, R2: SX-325, R3: CN-100;
L + number/L1: 1 layer of sheet, L2: 2 layers, L3: 3 layers; (2) For failure mode, CF: concrete failure, FF: FRP fracture.

resins used in FRP layers and the adhesive layers were
different. Adhesive FR-E3P, which is commercially
used as the resin matrix and the bonding adhesive of
carbon fiber sheets, was applied as the resin matrix
of FRP in all specimens. The primer FP-NS was used
in the bonding procedures of all specimens. After the
adhesive bond layer was cured for 24 hours, resin FR-
E3P was used to form FRP layers as shown in Figure 3.
The details of the specimens can be found in Table 3.

3 SHEAR BOND MODEL

3.1 Bond stress–slip model

3.1.1 Conventional methodology for modeling
Usual method for obtaining local bond stress (τi) and
slip (si) is to use the following equations:

where τi is an average interfacial bond stress in section
i; εi and εi−1 are strain values of i th and i−1 th gages
mounted on a FRP sheet respectively; Ef and tf are
the elastic modulus and thickness of the FRP sheet
respectively; 	x is the length of each section; si is a
local slip between FRP sheets and concrete at section i;
ε0 is the strain of FRP sheet at the free end of bond area;
εj( j = 1, i) is the strain value of j th gage mounted on
the FRP sheet.

Applying Equations 2 and 3, the local τ−s rela-
tionships at different locations from the loaded end
in a pullout test can be derived as shown in Figure 4.
Obviously, fairly big irregular differences among those
τ−s relationships are observed at different interfacial
locations. The similar experimental observations can
be found in other literatures (Yoshizawa et al. 2000,
Nakaba et al. 2001, Sato et al. 2001). This big varia-
tion is probably a main reason why different shapes of
bond stress–slip relationships were proposed or why
researchers prefer a simplified bilinear bond stress–
slip model even though numerous of pullout bond
tests for FRP sheets–concrete interfaces have indi-
cated that more reasonable configurations are needed.
All the factors such as distribution of fine and coarse

71



0.0 0.2 0.4 0.6 0.8 1.0
0

5

10

15

20
1.5cm 2.5cm
3.5cm 4.5cm
5.5cm 6.5cm
7.5cm 8.5cm
9.5cm 10.5cm
11.5cmτ 

(M
P

a)

s (mm)

25  0.5cm from the loaded end

Figure 4. Calculated local bond stress–slip relationships at
different locations from loaded end (specimen CR1L1).

aggregates along the concrete surface, concrete layer
attached to FRP sheets after the initial debonding, and
local bending of FRP sheets due to imperfect concrete
surface treatment can contribute to the final scattering.

3.1.2 New methodology and model
It is assumed as for reinforcing bar in concrete (Shima
et al. 1987) that at any location (x) of an FRP sheet–
concrete bond interface under the boundary condition
of zero free end slip, which can be easily attained using
a long bond length, there exists a unique local bond
stress–interfacial slip (τ−s) relationship and a unique
FRP sheet strain–interfacial slip relationship (ε−s).
The latter can be expressed as follows:

A first order differential calculus of ε to x yields the
following equation:

Therefore, for FRP sheet–concrete interfaces, the
interfacial bond stress can be expressed as:

It can be seen from Equation 4 to 6 that the bond
stress-slip relationship can be determined if the rela-
tionship between local strain of FRP sheets and local
slip is defined. During the pullout test, the pullout
forces and the slips at the loaded end can be measured
easily and accurately through load cell and displace-
ment transducer. As a result, the relationship between
the strains of FRP sheets and the slips at the loaded
end, in other word, the function of f (s) can be obtained
directly from the simple pullout tests and then τ−s
relationship can be obtained without arranging many
strain gages.
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Figure 5. Experimental and regressed FRP sheet strain–slip
curves at loaded ends.
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Figure 5 shows the experimentally observed rela-
tionships between the strains of FRP sheets and the
interfacial slips at the loaded ends of FRP sheet–
concrete interfaces, which include cases of different
FRP stiffnesses, different adhesive types and different
types of FRP materials. It is found that an exponential
expression (see Eq.7) can fit the experimental results
very well (the values of correlative factors R2 between
the strains in FRP sheets and the slips at loaded ends lie
between 0.975 and 0.997 for all specimens as shown
in Table 3).

whereA and B are experimental parameters (the values
for each specimen are given in Table 3). Substitut-
ing Equation 7 into Equation 6, the bond stress–slip
relationship can be obtained as follows:

Based on the above-mentioned process, all the
found bond stress–slip relationships derived from pull-
out tests are shown in Figure 6. When the FRP fracture
happens, the τ−s relationships are excluded because
the peeling off process is interrupted and the interfacial
fracture energy cannot be calculated correctly.

3.1.3 Interfacial bond related parameters
Interfacial fracture energy Gf is defined as:

By substituting Equation 8 into Equation 9, the fol-
lowing equations can be obtained:

Then the following expression for A is obtained:

For FRP sheets bonded to concrete, the theoretical
maximum interfacial pullout force can be expressed
as follows:

where bf is bond width of FRP sheets; and εmax is the
maximum strain of FRP sheets corresponding to the
maximum pullout force.

The comparisons between the calculated maximum
pullout forces based on the regressed A (see Table 3)
and the experimental ones are shown in Figure 7.
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Figure 6. Experimentally found bond stress–slip
relationships.

It is seen that good agreement can be reached. The
agreement implies that the theoretical maximum inter-
facial pullout force predicted based on the assumption
of zero end slip boundary condition can be reached
using the bond length of 330 mm in the experiment.

With the substitution of Equation 11, Equation 12
can become:

Based on energy method or force equilibrium
method, Equation 13 was derived by many researchers
(Täljsten et al. 1997, Yuan et al. 2001) and now is
applied widely in predicting the ultimate bond forces
of FRP sheet–concrete interfaces. And also, through
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experimental study, the authors found that Equation
13 is applicable for all types of FRP materials regard-
less of differences in their elastic modulus (Dai et al.
2002, Dai & Ueda 2003).

Shear stress flows due to interfacial bond stresses
can spread to concrete in the vicinity of both sides
of FRP sheets if the FRP sheets are attached to con-
crete whose width is wider than theirs. That makes the
effective interfacial contact areas wider than the actual
ones because interfacial debonding failure occurs in a
thin concrete surface layer instead of FRP-adhesive
interface. The authors observed effects of bond width
of FRP sheets (from 1 cm to 20 cm) on the average
bond strength in the previous studies (Sato et al. 2001).
The experimentally obtained bond force per unit width
of FRP sheets (Pmax/bf ) is generally high when the
width of FRP sheets used in the tests is narrow. When
the bond width exceeds 10 cm, the value of Pmax/bf
becomes almost constant. An additional width 2	bf
(	bf is taken as 3.7 mm) can be added to the origi-
nal bond width bf for calculating the interfacial bond
strength and quantifying the bond width’s effects (Sato
et al. 2001). Here a same 2	bf is introduced into Equa-
tion 13. Through that the back-calculated Gf obtained
from Pmax will not depend on the FRP sheet width used
in the test. Therefore Equation 13 can be modified as
follows:

Equation 14 shows that the increase in FRP
sheet stiffness (Ef tf ) and interfacial fracture energy
enhances the interfacial load carrying capacity (Pmax).
However, efficiency of FRP sheet strength (εmax/εu, εu
is fracturing strain) is not improved by FRP stiffness,
since εmax is expressed as follows (see Equations 11
and 12):
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Figure 8. Effects of concrete strength on interfacial fracture
energy.

With Equations 8 and 11, the interfacial τ−s relation-
ship can be rewritten as:

Slip smax corresponding to the maximum bond stress
τmax, at which dτ/ds = 0, can be determined as
follows:

By substituting Equation 17 into Equation 16, the
maximum bond stress τmax can be obtained as well:

For every specimen in the present study, the material
constant B and the interfacial fracture energy Gf can
be obtained according to the processes proposed in
3.1.2 and 3.1.3 (see the results in Table 3). Then the
values of τmax and smax are calculated and shown in
Table 3. For the normal adhesive (FRP- E3P), Nakaba
et al. (2001) observed experimentally that the values
of smax lie between 0.052 and 0.087 mm, with which
the analytical results (0.053–0.077 mm) based on the
present method show good agreement.

The interfacial fracture energy Gf is affected by the
properties of concrete, adhesives and the FRP stiff-
ness. It has been mentioned that, in the case of long
bond lengths, Gf can be calculated based on either
the value of A obtained from the regression analy-
sis of the FRP sheet strain–slip curves at loaded ends
(see Equation 7) or directly from the ultimate pullout
forces (see Equation 13). Therefore, the authors col-
lected more experimental data of the ultimate pullout
forces published by other researchers (Nakaba et al.
2001, Yoshizawa et al. 2000) to evaluate the effects
of concrete strength and FRP stiffness on Gf . Only
those data with bond lengths exceeding 300 mm has
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been selected.Through Equation 14 the effects of bond
width on the Gf can be eliminated. Figures 8, 9 and
10 show the effects of concrete strength, FRP stiff-
ness and adhesive properties on the Gf respectively.
Since no researchers has studied the effects of adhe-
sives, Figure 10 only shows the test results of only
the authors’ study in which the mechanical property
of adhesives is provided. It can be found that the
shear stiffness of adhesive layer affects the interfacial
fracture energy most (see Fig. 10). The effect of the
concrete strength is much less than that of the adhe-
sive (see Fig. 8) but slightly greater than that of the
FRP stiffness (see Fig. 9). Adhesives with lower shear
stiffness can improve the interfacial fracture energy
significantly due to their good toughness (Dai et al.
2002, Dai and Ueda 2003). Through regression anal-
ysis, the expression for the interfacial fracture energy
can be obtained as follows:

The values of another interfacial parameter B are
obtained from the regression analysis of the FRP
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sheet strain–slip curves at the loaded end of each
specimen in the Authors’ study. The effects of FRP
stiffness and adhesives on B are shown in Figures 11
and 12 respectively. It can be seen that B increases
insignificantly with the FRP stiffness (see Fig. 11)
whereas increases remarkably with the shear stiffness
of adhesive layer (see Fig. 12). Through a similar
regressing way, the expression for B can be obtained
as follows:

Therefore, the τ−s relationships of FRP sheet–
concrete interfaces with different properties of FRP,
adhesives and concrete strength can be determined
through the two calibrated material parameters Gf
(Eq. 19) and B (Eq. 20).

3.1.4 Effects of factors on τ−s relationship
Figure 13 shows the effects of FRP stiffness on the
τ−s relationships. It can be seen that both the initial
stiffness of the τ−s relationships and the maximum
bond stresses increase slightly with the increasing of
FRP stiffness. Similar effects of FRP stiffness on the
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maximum bond stress were included in the models pro-
posed by Sato et al. (2001) and Lorenzis et al. (2001)
in different extent. Tripi et al. (2000) also found that
relative displacements between the FRP sheets and
concrete are slightly affected by the elastic modulus
of the sheets in their moiré interferometric analysis.
The effects of FRP stiffness on the interfacial stiffness
and maximum bond stress may be caused by the dif-
ferent strain condition in the thin concrete layer next
to the adhesives. In the case of using same adhesives,
higher FRP stiffness brings lower strain level in the
concrete.

Figure 14 gives a group of τ−s relationships with
different shear stiffness of adhesives but the same
FRP stiffness (50.6 kN/mm) and concrete strength
(35 MPa). The comparisons between the experimen-
tal τ−s relationships and predicted ones in cases of
using adhesives (FR-E3P, SX325 and CN-100) with
different stiffnesses are shown in Figure 6. It is obvi-
ous that the maximum interfacial bond stress increases
with the shear stiffness of adhesives. When the FRP
stiffness is same, this increase is caused by high strain
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Figure 15. Comparison of predicted strain–slip relation-
ships at loading point by different models with experimental
results.

gradients in FRP sheets in the case of using high
modulus adhesives (Nishida et al. 1999, Dai et al.
2002). In the present model, the maximum bond stress
decreases with the shear stiffness of adhesive due to
the significant decreasing B, although the interfacial
fracture energy Gf can increase with the decreasing of
adhesives’ shear stiffness (see Eq. 18).

In fact, the value B can be regarded as an index
of ductility of the τ−s relationships, which is mainly
affected by the adhesive properties. Better ductility
means slower softening after the peak bond stress.
Smaller B means lower initial interfacial stiffness but
better interfacial ductility and vice versa. In other
words, it is difficult to obtain higher interfacial stiff-
ness and ductility simultaneously. This short-coming
is caused by the inherent properties of adhesives.
However, it gives us a possibility to optimize the
interface design according to the desirable structural
performances.

3.1.5 Verification of new model
Table 3 gives comparisons of the ultimate interfa-
cial loads of FRP–concrete interfaces predicted by
the present proposed τ − s model and the authors’
experimental data. The authors also selected data from
the other researchers’ pullout tests with bond lengths
exceeding 30 cm (Yoshizawa et al. 2000, Nakaba et al.
2001 and the authors’ study). A reasonable agreement
of all data is found. The average and coefficient of
variation of Pana./Pexp are 1.0 and 0.11 respectively,
indicating the good accuracy of the present models on
predicting the bond capacity of FRP sheet–concrete
interfaces.

Based on the authors’ and other researchers’ τ−s
relationships, Figure 15 gives an example of compar-
ing the predicted strain–slip relationships at the loaded
end of a FRP sheet–concrete interface, of which the
FRP stiffness, concrete strength and adhesive stiffness
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are 50.6 kN/mm, 35 MPa and 1.14 GPa/mm (FR-E3P)
respectively. It can be seen that the present model
and Nakaba’s model give good prediction on the
whole period of pullout test (before and after initial
peeling). Nakaba’s model gives slight underestima-
tion on the initial interfacial stiffness. Yoshizawa’s
simplified bilinear model gives a good prediction on
the initial interfacial stiffness but shows a big devi-
ation when the strain of FRP becomes higher. Sato’s
model gives a good prediction on the maximum strain
but shows a big deviation during initial ascending
period. The assumption of elasto-plastic bilinear τ − s
relationships (Sato (Yui-chi) and Lorenzis) shows
comparatively less fitting.

3.2 Bond stress–slip–FRP strain model

The local τ−s relationship of FRP sheet–concrete
interfaces in Equation 8 is obtained from the ε−s
relationship (Eq. 7) at loaded point of a pullout test
with long bond length, through which the interface
can achieve the maximum bond capacity under the
boundary condition of zero strain in FRP sheets and
zero slip at free end. With this boundary condition, it
can be assumed that the ε−s and τ−s relationship are
unique and independent of location along the inter-
face (Shima et al. 1987). However, when bond length
becomes short, slip at free end occurs although the
strain in FRP sheets there is zero. Non-zero slip and
zero strain condition at free end causes different shapes
of strain distributions of reinforcing materials inter-
nally or externally bonded with concrete (see Figs. 16
and 17). So that τ−s relationships are considerably
different at different locations from the free ends in
pullout tests. For reinforcing bar in concrete, Shima
et al. (1987) modeled successfully the different τ−s
and strain distribution behaviors (see Fig. 16) under
three boundary conditions, which are (i) zero bar strain
and zero slip, (ii) zero bar strain and non-zero slip,
and (iii) non-zero bar strain and zero slip, by consid-
ering the effects of reinforcing bar’s strain in a τ−s
relationship.They concluded that a bond stress–strain–
slip (τ−ε−s) model as the following Equation 21 can
be used to unify the τ−s relationships under all the
boundary conditions:

where τ0(s) is the τ−s relationship under the condition
of zero strain in reinforcing bar, or in other word, at
the location of free end in a pullout bond test. g(ε) is
a function of reinforcing bar’s strain, which can repre-
sent the effects of strain conditions in reinforcing bar
on the τ−s behaviors at the different locations from
the set boundary.

For FRP sheets externally bonded to concrete, the
similar bonding phenomenon happens. Before the
pullout force reaches the free end of FRP sheets in a
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Figure 16. Strain distribution of reinforcing bar in concrete
in a pullout test with or without free end slip.
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pullout test (zero slip and zero strain in FRP sheets at
free end), the strain distribution in FRP sheets near the
zero strain location is smooth and gradual (see Fig. 17).
However, when the stress in FRP is transferred to the
free end, end slip happens and the boundary condition
makes the strain in FRP sheets there decrease rapidly
to zero (see Fig. 17). Rather high FRP’s strain can be
observed even at the locations very close to the free
end, implying that there is high bond stress within a
short distance from the free end (see Fig. 17).

The local τ−s behaviors of FRP sheet–concrete
interfaces near the free end can be observed in both
long bond length and short bond length tests. How-
ever both ways are difficult. In the long bond length
test, when the peeling of FRP sheets propagates toward
the free end, the release of the strain energy stored
in FRP sheets usually needs big slip at the free end,
which causes the sudden separation of the FRP sheets
from concrete and makes it difficult to record the strain
distributions in FRP sheets at the final peeling stage.
Using short bond length pullout tests can avoid the
sudden releasing of strain energy in FRP sheets in
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some extent. However, it is not easy for us to create a
pure shear condition for the FRP sheet–concrete inter-
faces especially near the free end, where more brittle
premature interface failure similar to plate end failure
in FRP externally strengthened RC beams happens
easily (Dai 2003).

It is assumed that a unified τ−ε−s expression like
Equation 21 can be used for FRP sheet–concrete inter-
face as well to describe the τ−s relationships obtained
at the loaded point in a long bond length pullout test
(Eq. 16) and those obtained at locations near the free
end (see Fig. 18). Therefore,

Thus, the issue now is how to get expressions for g(ε)
and τ0(s). It can be known from Equation 7, which is
true for the boundary condition of ε = 0, s = 0, τ = 0
(long bond length case), that:

Now the function for FRP strain, g(ε) is assumed as
the following:

Substituting Equations 23 and 24 into Equation 23,

In Equation 26, the peak interface shear stress at free
end is governed by two parameters Gf and B, which
are mainly affected by the properties of adhesives and
concrete as shown in Equations 19 and 20.

According to the unified τ−ε−s model (Eq. 25),
Figure 18 presents the τ−s relationships at different
locations from the free end of a pullout test. It can
be seen that the local τ−s relationships at the dis-
tances longer than 100 mm away from the free end
show practically no difference, which means that strain
effect is negligible. Then the τ−s model and τ−ε−s
model become the same. On the other hand, when
the bond length from free end is shorter than 50 mm
the strain effects become noticeable. Particularly high
bond stress occurs at the location of 0 to 20 mm from
the free end in the pullout test.
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Figure 18. Obtained τ∼s relationships at different locations
from free end based on Equation 24.
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Figure 19. Strain distributions in FRP sheets predicted by
τ−s and τ−ε−s models at different peeling stages.

Figure 19 shows experimentally observed strain
distributions in FRP sheets (Ef tf = 25.3 kN/mm) at
different peeling stages in a pullout test with the bond
length of 90 mm, as well as the predicted ones. It is
indicated that the predicted strain distributions by τ−s
and τ−ε−s models are same when the pullout force
in FRP sheets has not been transferred to the free end,
meaning that the interface has the boundary condition
of zero strain and zero slip (or very small) at free end.
But after the pullout force is transferred till the free
end and free end slips appears, only the τ−ε−s mod-
els can explain well the experimentally observed high
strain in FRP sheets near the free end.

3.3 Effective bond length

An important interfacial parameter named as effective
bond length is needed for the anchorage design of FRP
sheet–concrete interfaces. In order to define the effec-
tive bond length in a comprehensive way, we need to
have good understanding on the strain distributions
of FRP sheets or the interfacial shear stress distribu-
tions along the interfaces. At any location of an FRP
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sheet–concrete interface under pullout force, the local
bond stress can be expressed as:

Since ε(x) = ds(x)/dx, the following differential equa-
tion governing the interfacial bond behaviors can be
obtained using Equation 16:

With a long bond length L, the solution for Equation 28
can be obtained as follows:

where c2 is a constant related to the boundary condition
at loaded end. When pullout force P is exerted at the
loaded end, the boundary condition of ε = P/(bf Ettf )
at x = L can be introduced into Equation 30, and the
constant c2 can be determined as follows:

By substituting Equation 31 into Equation 30, the
strain distribution of FRP sheets under the pullout load
P and a long bond length L can be expressed as:

Figure 20 shows the comparisons between exper-
imentally obtained distributions of strains in FRP
sheets obtained under different pullout forces (Dai
et al. 2002) and the analytical ones drawn based on
Equation 32. The good prediction on the distributions
of strains in FRP sheets, in other words, the interfacial
stress distributions under different pullout load levels,
verifies the accuracy of the proposed local τ−s model.

Figure 21 shows the FRP strain distribution calcu-
lated by Equation 32. For each force level, there is
an active bond zone at which the FRP strain changes
much more greatly than the rest. The active bond zone
is slightly more than 100 mm even for 99.99% of Pmax.
The size of this active bond zone is called effective
bond length (Le).

Mathematically, the Le can be expressed as a dis-
tance between two locations x1 and x2 (Le = x2−x1),
which bears the pullout force αPmax (α can be taken as
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a constant percentage for anchorage design) as shown
in Figure 21. At these two locations, the strains of FRP
sheets are defined as follows:
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The following equation can be obtained from Equa-
tion 32:

Substituting Equation 34 into Equation 33, the effec-
tive bond length can be derived as follows:

Substituting Equation 19 for Gf and Equation 20 for
B into Equation 35, the following equation can be
obtained:

The authors suggest here that a constant 0.96 can
be given to α in Equation 36 to fit with experimentally
observed effective bond length well (see Fig. 22) and
lead to reasonable anchorage strength design.

The shear stiffness (shear modulus divided by thick-
ness) of adhesive layers has significant effects on the
effective bond length (see Fig. 23). That is a possible
reason for the big differences existing in the different
models as shown in Figure 23.

3.4 Bond strength for a given anchorage length

An ultimate pullout force (Pu) for an anchorage length
(Lb or bond length) less than the effective bond length
is less than that for an anchorage length equal to or
longer than the effective bond length (Pmax), which is
calculated by Equation 12. When Pu is equal to αPmax,
it is assumed that the relationship between Lb and α
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is the same as Le–α relationship in Equation 35. Then
the following equation can be obtained:

Experimentally obtained bond strengths of FRP
sheet–concrete interfaces with different bond length
and FRP stiffness are compared with the predicted
curves in Figure 24. It can be seen that the simpli-
fied closed-form model (Eq. 37) can predict the bond
force capacity of FRP sheet–concrete interfaces with
either long or short bond length satisfactorily.

4 CONCLUSIONS

This paper presents new shear bond model for FRP–
concrete interface, which considers effects of not
only FRP and concrete mechanical properties but also
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adhesive ones, based on the new methodology, which
eliminates strain gage arrangement on FRP and needs
only FRP strain–slip relationship at loaded end. The
shear bond model is expanded by introducing FRP
strain effects on bond stress–slip relationship, so that
the model can be applied to short bond length cases.
Besides the shear bond model, formula for interfa-
cial fracture energy, effective bond length and bond
strength for a given anchorage length are presented
as well. The presented bond model and formula were
verified by the authors’ and previous experimental
data.
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The use of FRP as embedded reinforcement in concrete

P. Waldron
Centre for Cement and Concrete, University of Sheffield, Sheffield, UK

ABSTRACT: The increased use of FRP in construction is largely driven by the requirement for more durable
solutions than steel for those applications subjected to the most severe environmental conditions. Adoption of
FRP as embedded reinforcement in new structures has, however, been much slower than for other applications
such as repair and strengthening. This is due to a number of factors including cost, availability (especially of bent
bars), structural performance, lack of design guidance, and its own durability in highly alkaline environments
such as that found in concrete. On-going research around the world has addressed, and continues to address,
these various areas of concern. This Paper summarizes the research contributions made by the University of
Sheffield over the past decade to this huge worldwide effort.

1 INTRODUCTION

For more than a century steel bars have been used as
reinforcement in RC structures to compensate for the
low tensile strength of the concrete. Although steel
reinforcement is generally manufactured and used in
straight lengths, it is readily cold formed in to 2-d and
3-d shapes for use in more complex structural elements
and critical structural connections.

Nevertheless, when concrete structures come into
contact with carbonic acid, resulting from the carbon
dioxide present in the atmosphere, or are exposed to
chloride rich environments, such as those created by
the presence of seawater or the frequent use of deicing
salts, steel reinforcement is susceptible to corrosion.
Corrosion of the reinforcement can lead to prema-
ture deterioration of the mechanical performance of
the structure and subsequent failure.

At present, corrosion of steel reinforced concrete
structures is considered to be the most significant fac-
tor in limiting the life expectancy of RC structures
in North America, Europe, the Middle-East and other
parts of the world. In Europe alone, the annual cost
of repair and maintenance of the infrastructure is esti-
mated to be over a30 billion and, in the United States,
the overall costs associated with damage due to rein-
forcing steel corrosion have been estimated at about
$80 billion (Federal Highway Administrator 1997).

Over the past thirty years, different measures have
been taken to combat the corrosion problem. These
have included the specification of increased concrete
cover, the introduction of additives and inhibitors
to make the concrete more impermeable and non-
conductive, and the use of different types of reinforc-
ing materials such as stainless steel and epoxy coated

steel bars. Research data, however, have shown the
long-term performance of epoxy coated steel rebar to
be questionable, while stainless steel, which exhibits
excellent corrosion resistance, is too expensive for
wide scale use (Federal Highway Administration,
2000). The on-going requirement for more durable
structures is therefore the key driving force behind the
introduction of advanced composites in the construc-
tion industry as reinforcing material for concrete.

Manufactured from a combination of mineral fibres
within a polymeric matrix, fibre reinforced polymer
(FRP) reinforcing bars display excellent resistance
to environmental factors such as freeze-thaw cycles,
chemical attack and temperature variations. Above
all, composites can be engineered to be highly corro-
sion resistant providing a highly durable reinforcement
material for increasing the design life of new concrete
structures.

While composite materials have proven to possess
superior mechanical properties and have been used
extensively in the aerospace, automobile and defence
industries, civil engineers are beginning only now
to gain confidence and experience in applying this
technology to the construction industry.

2 FRP PRODUCTS FOR CONCRETE
STRUCTURES

The mechanical characteristics of FRP reinforcement
are different in many respects from conventional
steel reinforcement and depend very much on the
type of fibres and resins used. Carbon, glass and
aramid fibres, impregnated with a resin matrix, are the
basic components for the manufacture of composite
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Figure 1. Examples of various types of FRP reinforcement.

Table 1. Advantages and disadvantages of FRP
reinforcement.

Advantages Disadvantages

Higher strength to self- Higher raw material cost
weight ratio (10–15 and relatively poor
times greater than steel) availability

Excellent fatigue Lower elastic modulus
characteristics (carbon and (except some
aramid FRPs only) Carbon FRPs)

Excellent corrosion Glass FRP reinforcement
resistance and suffers from stress corrosion
electromagnetic neutrality

Low axial coefficient of Lack of ductility;
thermal expansion durability issues

in alkaline environments

reinforcement. Due to the non-structural contribution
made by the resin, as well as its relatively high cost,
a maximum fibre to resin volume fraction is always
desirable. However, the maximum fibre content that
can be achieved in practice is normally below 70%
resulting in bars with an equivalent elastic modulus
well below that of the constituent fibres.

FRP materials can be manufactured by using differ-
ent techniques such as pultrusion, filament winding,
moulding, braiding and manual lay-up and can be pro-
duced in various shapes. As for conventional steel
reinforcement, however, non-ferrous composite mate-
rials are usually manufactured in the form of rebars,
sheets, grids and links (Figure 1).

Composites can be engineered to meet the spe-
cific demands of each particular application and their
overall performance and characteristics depend on
the choice of materials (fibre and resin matrix), the
volume fraction of fibre, fibre orientation and fabri-
cation method. Furthermore, in order to enhance the
bond characteristics of FRP reinforcing bars in con-
crete, several techniques are employed including the

introduction of surface deformations, sand coating,
over-moulding a new surface on the bar, or a com-
bination thereof.

The main advantages and disadvantages of these
advanced composite materials compared to steel are
listed in Table 1.

High strength, light weight and low modulus of elas-
ticity, together with the fact that FRP bars, unlike steel,
do not display plasticity, are the key properties that
differentiate the performance of these materials.

3 INTERNATIONAL RESEARCH EFFORT
AND THE DEVELOPMENT OF
GUIDELINES

The first research committee on Continuous Fiber
Reinforcing Materials (CFRM) was established in
1989 by the Japan Society of Civil Engineers (JSCE).
The work of this Committee was published in Japanese
in the form of a State-of-the-Art report in 1992
addressing various issues such as applications, design
guidelines, durability and test methods. The part of
this first publication that dealt with design consider-
ations was translated into English and published in
1993. Since the development of design guidelines was
seen as crucial if the use of CFRM was to be encour-
aged, the work of the Committee focused specifically
on this issue and fuller design recommendations were
subsequently published in Japanese in 1996 and then
in English in 1997.

Research activity in Canada on the use of FRP
as reinforcement for concrete also began in 1989.
The Canadian Society of Civil Engineers created a
technical committee to study the use of advanced
composite materials in bridges and structures. The
efforts of this committee resulted in the publication
of a State-of-the-Art report in 1991 (Mufti et al.)
and lead to design recommendations that were pub-
lished in February 1998 (Canadian Highway Bridge
Design Code). The Canadian Network of Centres of
Excellence on Intelligent Sensing for Innovative Struc-
tures (ISIS Canada), was established in 1995 largely
to provide civil engineers with smarter ways to build,
repair and monitor structures using high-strength, non-
corroding, fibre reinforced polymers and fibre optic
sensors. Within this framework, two design manuals,
which deal with various aspects of reinforcing and
strengthening concrete structures, were published in
2001 (ISIS Canada).

Mainstream FRP research in the U.S.A. and Europe
commenced in 1991. In January of that year, theAmer-
ican Society of Civil Engineering sponsored a con-
ference on Advanced Composites Materials in Civil
Engineering Structures and in November, the 5-year
BRITE/EURAM Project, “Fibre Composite Elements
and Techniques as non Metallic Reinforcement for
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Concrete”, funded by the Commission of the European
Communities, began in Europe (Taerwe, 1997).

Also in 1991, theAmerican Concrete Institute (ACI)
formed Committee 440, Fibre Reinforced Polymer
Reinforcement, whose efforts lead to the publication of
a State-of-the-Art report in 1996 (American Concrete
Institute). This report was followed by the publica-
tion of their recommendations for externally bonded
with FRP systems (American Concrete Institute 2002)
and the design and construction of concrete rein-
forced with FRP bars (American Concrete Institute,
2003).

In December 1993, the EUROCRETE project
(Clarke et al, 1996) began in Europe. This pan-
European research programme was established with
the aim of developing durable FRP reinforcement
for concrete. Although many fundamental areas of
research were progressed, one of the main objectives
was the development of suitable design guidelines.
Much of the work done by the task group that dealt with
this particular issue is included in an interim guidance,
which was published in 1999 by the British Institution
of Structural Engineers.

The EU TMR Network, ConFibreCrete, was estab-
lished in 1997 with the aim of developing guidelines
for the design of concrete structures, reinforced, pre-
stressed or strengthened with advanced composites.
The Network comprised 11 teams from 9 different
European countries and its work was closely linked
to the work of the fib Task Group 9.3, FRP Reinforce-
ment for Concrete Structures, which was established
late in 1996. An outcome of the ConFibreCrete project
was a bulletin on externally bonded FRP reinforcement
for RC structures published through the International
Federation of Concrete, fib ( fibTask Group 9.3, 2001).
These guidelines concern mainly flexure, shear and
confinement, but they also deal with other issues
such as execution, quality control, durability and envi-
ronmental effects. A further bulletin dealing with
state-of-the-art knowledge on FRP materials and their
use in RC and PC structures is in the final stages
of preparation and is expected to become available
in 2005.

The most recent effort in trying to address some of
the fundamental problems of using FRP in reinforced
concrete in Europe is the 2 year CRAFT RTD project,
CurvedNFR, which commenced in June 2003. This
project aims to develop materials, methodology and
manufacturing processes for a low cost, curved FRP
rebar (CurvedNFR, 2003).

The University of Sheffield, having taken a key role
in the Eurocrete project and having recently coordi-
nated the ConFibreCrete Network, has had an ongoing
involvement in FRP research in Europe. The main
focus of its work has been to undertake fundamen-
tal research to support the development of design
guidelines.

Although great strides have been made in research
dealing with the use of FRPs in RC structures since
its inception in 1989, there remains much work to be
done. For example, internationally accepted codes of
practice for FRP materials are still required and there
are many specific research problems that remain to
be more fully investigated, such as shear behaviour of
FRP RC elements, detailing of FRP reinforcement and
a unified design philosophy in general.

4 THE USE OF FRP IN THE
CONSTRUCTION INDUSTRY

FRP products have made a dramatic entry into the con-
struction industry over the past 20 years and, since
demonstration projects were first constructed in the
late 80’s and early 90’s, the interest in these mate-
rials has increased exponentially. The main reasons
behind the rapid growth of the use of FRPs in con-
struction were firstly related to the light weight of
the reinforcing products and their electromagnetic
neutrality. The earliest commercial applications were
for non-magnetic or radio-frequency transparent rein-
forcement for advanced transport systems, specialised
defence applications and structures housing magnetic
resonance imaging medical equipment. Nowadays, the
crucial need to find durable and cost effective solutions
to the problem of corrosion in RC structures is perhaps
the stronger driver responsible for the rapidly increas-
ing interest in the use of advanced composite materials
as reinforcement in concrete around the world.

The number of applications worldwide has
increased substantially during the last decade and,
although externally bonded applications of FRP rein-
forcement for the strengthening and rehabilitation of
existing structures predominate, the use of FRP as
internal reinforcement for newly built structures is
receiving more and more attention.

When FRP reinforcement is specified for use in
new concrete structures, durability is generally the pri-
mary concern. Because of its relatively high cost, the
use of advanced composites is typically only likely to
replace steel reinforcement in those applications where
the superior corrosion resistance properties of FRP
are required. For these special applications, FRP can
be competitive with other corrosion resistant products
such as stainless steel and epoxy coated reinforcement.
Although these existing corrosion resistant products
only account for about 3–4 % of the total reinforcement
market, in Europe alone this represents about 0.5 mil-
lion tonnes per year (Euro-Project Ltd. 1997). Even
a relatively modest share of this corrosion resistant
market coupled with the other niche markets where
electro-magnetic neutrality or high strength are iden-
tified as key issues, is very attractive to the composites
industry.
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Figure 2. Damaged fender support beam, Qatar (courtesy
EUROCRETE project).

Figure 3. FRP reinforced post and panel fencing around a
transmitter (courtesy EUROCRETE project).

4.1 Durability

Currently, in Europe, more money is spent each year
on repairing and strengthening existing structures than
on new construction. A large proportion of this expen-
diture on the rehabilitation of existing infrastructure is
incurred in resolving problems of reinforcement cor-
rosion in concrete structures. When steel corrodes, it
expands locally resulting in additional stresses accu-
mulating in the concrete. These stresses are capable
of cracking the concrete near the surface, allowing
much faster ingress of water and corrosive chemicals
ultimately resulting in spalling of the concrete cover
(Figure 2).

FRP reinforcement represents a valid alternative for
structures vulnerable to corrosive environments and
has many possible applications in structures in or adja-
cent to the sea, in or near the ground, in chemical and
other industrial plants and in places where good quality
concrete can not easily be achieved.

Furthermore, the use of FRP reinforcement allows
the concrete cover needed to protect the reinforcement
to be reduced. This results in thinner sections of lower
weight and has particular benefits in precast elements
such as cladding panels.

Figure 4. Magnetic levitation train track in Japan.

Figure 5. Prestressed FRP cables used in a ribbon bridge in
Japan.

4.2 Electromagnetic neutrality

Steel reinforcement is usually avoided when magnetic
neutrality is required and in many applications, espe-
cially for the mobile telecommunications and defence
industries, this can be a big concern. As a demon-
stration project in the Eurocrete Project, concrete
posts and fence panels reinforced with FRP reinforce-
ment were used to provide a secure boundary for a
telecommunication facility (Figure 3).

Other possible applications include bases of large
motors, hospital buildings containing magnetic reso-
nance scanning equipment, power transmission towers
and magnetic levitation systems such as the MAGLEV
(Figure 4).

4.3 High strength

One of the more important properties of FRPs is the
very high strength that can be developed, allowing a
reduction in the area of reinforcement needed in cer-
tain applications. However, since high strength in the
reinforcement can only be developed when accompa-
nied by high strain, this property can only be fully
exploited in prestressed concrete elements (Figure 5).
Furthermore, when FRP is adopted for prestressing,
considerably lower losses occur than those associated
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Figure 6. FRP ground anchors.

with conventional steel tendons due to the lower elastic
modulus of the FRP material. However, because of the
stress corrosion that affects FRP materials, particularly
glass fibre based products, only carbon and aramid are
likely to be appropriate for applications in this field.

In addition, FRP cables can be used in cable stay
bridges and in other anchoring applications such as
ground anchors or rock bolts (Figure 6).

5 FRP IN REINFORCED CONCRETE:
STRUCTURAL CONSIDERATIONS

Figure 7 shows the generic mechanical properties of
FRP reinforcement according to the type of fibres used
in their manufacture.

FRP products are characterized by perfectly elastic
behaviour up to failure and can develop higher ten-
sile strength than conventional steel in the direction of
the fibres. This anisotropy, however, seriously affects
the shear strength, which is very low, compared to the
tensile strength, and depends on the properties of the
matrix and orientation of the fibres. The elastic mod-
ulus of FRP materials used in construction generally
varies between 20% of that of steel for glass fibres to
75% of that of steel for carbon fibres.

Although FRP materials, in general, have a low
compressive strength, due to the low buckling strength
of the individual fibres, this is not usually a major con-
cern since, in the majority of civil engineering appli-
cations, FRP is predominantly used only in tension.

Due to the particular mechanical properties of the
reinforcement, and especially due to their lack of duc-
tility, FRP RC structures are normally governed by
brittle modes of failure generally considered to be
undesirable. Based on these considerations, both the
construction techniques and the design philosophy
need to be carefully reassessed (Pilakoutas, 2000).
The behaviour of FRP RC members in flexure, shear
and bond is therefore briefly examined and various
approaches for the design of RC elements with FRP
reinforcement are considered and commented upon.

Figure 7. Stress–strain characteristics for concrete and
reinforcing materials.

5.1 Design philosophy

Work at Sheffield (Pilakoutas et al, 2002) has looked
at the issue of a suitable design philosophy and has
arrived at a new approach. During this work it was
revealed that the current partial safety factor approach
does not lead to uniform safety levels and often results
in conservative designs with larger than necessary
amounts of reinforcement. In addition, the margins
between the flexural mode of failure and the other
modes of failure are quite variable and the designer
has no reliable means of assessing them.

In the proposed approach, the main aim was to
arrive at a design that has a predetermined safety level
(a probability of failure of 10−6) and for which the fail-
ure mode hierarchy could be selected by the designer at
the design stage. This unified approach has been pro-
posed since it enables new materials to be introduced
as they are developed without the need for re-writing
the design guide each time. Hence, as a result, the
engineer not only selects whether, for example, con-
crete crushing, bond failure or shear failure is to be the
dominant mode of failure for design purposes, but also
the secondary failure mode. This approach will always
ensure the desired safety level in a structure without
undue conservatism.

To demonstrate this approach, the work at Sheffield
has resulted in a proposal for a new set of partial safety
factors for use with the Eurocrete bar. For this partic-
ular bar, the predominant mode of failure is chosen to
be by concrete crushing, hence only relatively modest
partial safety factors are imposed on the reinforcement
material itself.

The above work has highlighted the problem that the
use of high safety factors does not necessarily improve
the safety of elements and can have the opposite effect
by leading to failure in an undesirable mode.

5.2 Flexure

When dealing with FRP RC structures, the amount
of reinforcement to be used depends on the stiffness
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Figure 8. Strain distribution for a glass FRP RC section.

Figure 9. Deflection and cracking in FRP RC beams.

Figure 10. Shear failure of an FRP RC beam.

and strength of the composite material. For FRP rein-
forcement, the strength to stiffness ratio is an order of
magnitude greater than that of steel and this greatly
affects the distribution of stresses along the section.
Hence, when considering a balanced section, as usu-
ally desired in steel RC design, the neutral axis depth
for the equivalent FRP RC section would be relatively
small and close to the compressive face. Moreover, due
to the lower elastic modulus of FRPs, section depth
will also need to be increased if deflections are to be
maintained at a similar level, as shown in Figure 8. For
such a section this implies that a larger proportion of
the cross-section is subjected to tensile stress and that
the compressive zone is subjected to a greater strain
gradient. Hence, for a similar cross-section as that used
for steel RC, much larger deflections and crack widths
are to be expected, Figure 9.

Figure 11. Shear fracture surface of slab SCS1 after failure.

Furthermore, anchoring of the FRP rebars becomes
more difficult due to the high strains developed in the
tensile reinforcement.

If all the other modes of failure are avoided, flexu-
ral failure can be reached either by crushing of the
concrete in compression or by rupture of the FRP
reinforcement in tension.

Although both modes are brittle and undesirable,
the approach currently adopted by most researchers
in the field is to accept that FRP RC sections will be
over-reinforced and that the ultimate failure will be by
concrete crushing rather than by reinforcement failure.

5.3 Cracking deformation

Work by Zhao (1999) at the University of Sheffield has
lead to the conclusion that, provided the FRP bars have
good bond characteristics, then the crack widths in RC
members can be calculated by existing equations that
use the strain in the reinforcement as the basis for the
calculation. However, the British Standard equation
was found to be non-conservative and a modification
has been proposed. Regarding short-term deflection
calculations, the same work has concluded that exist-
ing equations such as those adopted by the ACI can
be used directly without modification for the accurate
prediction of deflections. The same applies to calcu-
lations for long-term deformation when the approach
used is based on the fundamental properties of the
materials.

5.4 Shear and punching shear

Shear transfer in RC beams relies on the tensile and
compressive strength of concrete as well as the tensile
properties of the longitudinal and, when provided, the
transverse reinforcement. In most cases, failure due
to shear (Figures 10 and 11) is brittle in nature and,
therefore, should be avoided.

All of the shear-resisting mechanisms provided by
conventional steel RC elements, such as aggregate
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interlock, tooth bending and dowel action, are expected
to be affected when using FRP reinforcement due to
the higher strains that are generally mobilised in the
reinforcement.The mechanical properties of the longi-
tudinal reinforcement significantly affect the amount
of concrete in compression and the overall deflections.
Larger deflections and the absence of plasticity in the
reinforcement always lead to a brittle failure and not
much dowel strength is expected from the more flexi-
ble, anisotropic FRP materials. Furthermore FRP links
cannot generally develop their full tensile potential
also due to their anisotropic properties resulting in
premature failure at the corners.

An important aim of researchers working in this
field has been to provide simplified design equations
to enable FRP reinforcement to be used in practice.
This has resulted in the development of modifica-
tion factors for inclusion in existing predictive code
equations. This approach, although not ideal, has the
perceived advantage that code committees are more
likely to accept such modifications than they are to
adopt fundamental changes to the underlying design
philosophy. The proposed modifications of existing
code equations are based on the fundamental princi-
ple that, assuming perfect bond, the concrete section
experiences forces and strains that are independent of
the type of reinforcement utilised. Hence, if a design
using FRP reinforcement maintains the same strain as
when conventional steel is used (εFRP = εs) and the
same design forces are developed (FFRP = Fs), then
that design, by definition, will lead to the same safe
result. Based on this assumption, an equivalent area of
steel (Ae) is introduced to evaluate the concrete shear
resistance by multiplying the actual area of FRP rein-
forcement (AFRP) by the modular ratio of FRP to that
of steel, as shown in Eqs. (1) and (2) (for example
Nagasaka et al, 1989).

When the shear force applied to a RC member
exceeds the shear strength of the concrete itself, shear
reinforcement is required. According to the proposed
modifications, the required amount of FRP shear rein-
forcement is determined by limiting the maximum
strain that it can develop. In some formulations, a max-
imum limit of 0.0025 (0.002 according to the ACI
Committee 440 (2003) and the Canadian Standard
Association (1996)), which is the value that corre-
sponds to the yield strain of conventional steel bars, is
suggested (for example Institution of Structural Engi-
neers, 1999). By imposing this limit, however, FRP
links will only be stressed to a fraction of their poten-
tial and thus the benefits of using such materials are
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Figure 12. Limiting strain according to current design
recommendations to include the use of non-ferrous
reinforcement.

not taken to their maximum mechanical and economic
advantage (see for example Figure 12).

Experimental tests carried out on FRP RC beams
at the University of Sheffield and by other researchers
(Duranovic, 1997, Tottori and Wakui, 1993) have pro-
vided evidence that the restrictions imposed by the
current modifications to design code equations on the
value of maximum allowable strain that can be devel-
oped in FRP reinforcement are unnecessarily conser-
vative (recorded values of up to 10,000 microstrain
being reported).

Such a tendency was also observed during a series
of tests focusing on punching shear and shear by
El-Ghandour et al (2003) and Guadagnini et al (2003)
respectively.

5.5 Bond of FRP bars

Bond between concrete and FRP reinforcing bars
is a fundamental aspect of the composite action of
FRP reinforced concrete and accordingly, needs to be
adequately understood before FRP materials can be
accepted widely in the construction industry.

In flexural structural elements, splitting of concrete
in the tension zone is the most likely mode of bond
failure. This type of failure is substantially different
and more dangerous than the pull-out mode, since it
happens at a much lower bond stress level and the
residual bond strength of the reinforcing bar decreases
rapidly to zero.

The bond splitting behaviour of FRP bars in con-
crete is expected to vary from that of conventional
steel bars due to their lower modulus of elasticity,
lower shear strength and stiffness in the longitudi-
nal and transverse directions, and the high normal
strains expected before failure. However, despite the
fact that a lower maximum bond strength is expected
from FRPs, the more ductile nature of the bonding
mechanism can lead to a better distribution of the bond
stresses and, hence, lead to reduced anchorage lengths.
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Figure 13. Pull-out test arrangement.

In order to investigate the bond behaviour of carbon
and glass FRP bars in concrete, two major experimen-
tal series of tests were undertaken at the University
of Sheffield (Achillides and Pilakoutas, 2004) as part
of the EUROCRETE project. These included pull-out
tests and beam tests.

In the pull-out tests, several parameters were exam-
ined such as the nature of the fibres, the diameter,
shape and deformations of the bars, the embedment
length and concrete strength.The pull-out test arrange-
ment adopted is shown in Figure 13.

Beam testing was necessary to improve understand-
ing of the splitting mode of failure. In fact, under
flexural load conditions, splitting of concrete in the
tension zone rather than pull-out is the most common
mode of bond failure.

Pull-out tests are therefore useful for determining
the pull-out bond strength, whilst beam tests offer a
more realistic assessment of bond strength in structural
applications.

The carbon FRP bars used in the beam tests devel-
oped a bond strength of more than 4 MPa. This is
comparable to the bond strength of deformed steel
bars and substantially higher than that of the glass FRP
bars (3 MPa). However, in the pull-out tests, they pro-
duced similar results. This comparatively lower bond
strength of glass FRP bars in the beam tests may be
attributed to their higher deformability in the longitu-
dinal direction which seems to play an important role in
inducing the splitting mode of failure. Unexpectedly,
splices with both carbon and glass EUROCRETE bars
developed better bond characteristics than for single
anchorage bars.

In general, the experimental results indicate that
FRP reinforcing bars interface satisfactorily with the

concrete matrix.Their bond behaviour depends on var-
ious factors, the full influences of which will need to be
evaluated before the formulation of any design formu-
lae. Attention has to be focused on the high deforma-
bility of FRP bars that seems to play an important role
in the splitting mode of failure in concrete members.

As a step in the direction of increasing current
knowledge of the bond properties of FRP bars and
bond performance in concrete elements, an interna-
tional round robin test (iRRT, 2002) programme was
recently organised by the ConFibreCrete research net-
work (1997) working together with the fib Task Group
9.3 and ISIS, Canada.

The iRRT was designed with the following objec-
tives in mind:

1. To assess the merits of simple tests for material
characterization.

2. To specify a standard methodology for determining
relevant parameters such as average maximum bond
strength and average maximum pull out load for
FRP bars embedded in concrete. A uniform presen-
tation of experimental data will facilitate compari-
son of the results and will enable the assessment of
the reliability and replicability of the specified tests.

3. To generate a comprehensive database that will be
made available to the scientific community. This
will enable code committees to compare the bond
strength developed by various types of FRP bars
predicted by design relationships with an extensive
set of test results and will assist researchers in evalu-
ating the validity of their analytical and mechanical
models.

Other indirect benefits that will result from this
exercise are an increased familiarization with the range
of FRP products available in the global market and
a heightened awareness of the international efforts
aimed towards the development of design guidelines
and standardised tests to ensure reliable, replicable
research.

The tests have now been concluded and the reports
from the various laboratories are currently being
compiled.

6 SHAPING: THE FUTURE OF FRPs

Although FRPs are already quite extensively adopted
in various sectors of the construction industry (e.g.
strengthening and repair of existing structures), their
use as internal reinforcement for concrete is lim-
ited only to specific structural elements and does not
extend to the whole structure. The reason for the lim-
ited use of FRPs as internal reinforcement can be
partly related to the lack of commercially available
curved or shaped reinforcing elements used for shear
reinforcement or complex structural connections.

90



Most of the shaped steel reinforcing bars currently
used in concrete structures are provided pre-bent and
cut in the factory according to design specifications.
These may be supplemented by a small quantity of
special one-off shapes bent directly on site. Whether
bending occurs on site or at the factory, conventional
steel reinforcing bars have a major advantage since,
due to their elastoplastic behaviour, they can be easily
formed by cold bending, and hence, most detailing
needs can be easily met speedily at very low cost.

The high production costs that are associated with
the manufacturing of FRP curved elements, however,
have generally reduced the interest in using FRPs for
these types of applications. In addition, various studies
have shown that the mechanical performance of bent
portions of composite bars are reduced dramatically
under a combination of tensile and shear stresses and
that the maximum tensile strength that can be carried
through the bend can be as low as 40% of the maximum
tensile strength of the equivalent straight bar (Ehsani
et al, 1995, Morphy et al, 1997).This phenomenon can
become an issue whenever non-straight unidirectional
composite elements are used in structural applications
since premature failure can occur at the corner portion
of the composite. The reduction in the strength of the
composite, therefore, needs to be carefully taken into
account since it has a major influence on the maxi-
mum value of strain that can be safely sustained by the
reinforcement. To date, this reduction in strength has
been quantified using empirical models such as that
proposed by the Japanese Concrete Institute, which is
described by Eq. (3) (JSCE, 1996). In this equation, the
strength of the bent bar, ffb, is expressed as a function
of the uniaxial tensile strength, ffu, the bar diameter,
h, and the bend radius, r.

All of these issues are being addressed in the 2 year
CRAFT RTD project CurvedNFR (2003), funded by
the European Commission. This was established with
the aim of developing materials, methodology and
manufacturing processes for low-cost, curved fibre
reinforced plastic (FRP) rebars. The project partner-
ship includes 8 small specialist industrial partners
and 3 research providers across 6 European countries.
Of many candidate materials being considered, ther-
moplastic resins that may be retrospectively softened
and bent by the application of heat seem to offer a
promising solution at this early stage of this project.

7 CONCLUSIONS

Although FRP materials have fundamentally differ-
ent mechanical characteristics than steel, the design

of FRP RC elements can be based on the same fun-
damental principles as far as flexural design, shear
design, cracking and deflections are concerned. How-
ever, a different philosophy of design is needed which
addresses the issue of safety at a more fundamental
level.

FRP materials offer an effective solution to the
problem of steel durability in aggressive environments
and where the magnetic or electrical properties of
steel are undesirable. They also appear to be highly
suited for the manufacture of non-structural precast
elements where the combined self weight of the rein-
forcement and concrete necessary to provide adequate
cover is a major disadvantage. Using FRPs can allow
a drastic reduction in the overall weight of these ele-
ments and facilitates cheaper handling and installation
procedures.

FRP reinforcement will never totally replace steel
reinforcement in RC structures but is likely to find
increasing use in niche applications where its particu-
lar chemical, physical and mechanical properties lead
to more practical or economic structural solutions.

Despite the extraordinary progress made to date
in the use of these advanced composite materials as
embedded reinforcement in concrete, many aspects of
their structural behaviour still require further detailed
examination before their full potential can be exploited
in new construction.
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ABSTRACT: To take full advantage of individual fibers and realize an innovative structure with integrated
and synthesized structural performances, one feasible way is to hybridize several kinds of fibers of different
stiffnesses and ultimate strains to behave as an elastic-pseudo-ductile material with also an appropriate stress
hardening characteristics. In terms of strengthening purposes of structures, FRP composites can be hybridized
to enhance the serviceability performances under service loads by using high modulus fibers, ultimate load-
carrying capacities by utilizing high strength fibers and ductility behavior under seismic loads by using high
ductile fibers. Hybrid fiber composites consisting of different kinds of fibers available in Japan have been
developed for giving more advanced structural performances in strengthening and retrofitting structures by
the author’s research group. This paper introduces some achievements in structural rehabilitation by using the
hybrid FRP composites. First, an idealized concept of FRP hybridization is introduced and some fundamental
investigations are presented for confirming the effect of hybrid FRP composites through uniaxial tension tests.
Then the flexural strengthening with hybrid composites is reviewed. Finally, numerical simulations of hybrid
and strengthening effects are also discussed on both tension and flexural tests. Due to the lacking of space, the
paper is limited only on the discussion of hybrid fiber sheets.

1 INTRODUCTION

Fiber-reinforced polymers (FRPs) have been increas-
ingly used in structural strengthening through epoxy-
bonding them to the tension face of structures. FRPs
usually consist of glass, aramid, and carbon fibers
in a polymer matrix and possess light weight, high
strength, high resistance to corrosion and ease in
handling as compared to steel. There are several
types of carbon fibers with superior modulus higher
than 2–4 times of steel reinforcement. Recently, new

(a) Stress-strain relationships (b) Impact test
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Figure 1. Mechanical properties of different continuous fibers.

structural fiber materials like PBO (Zylon®) and
ultra-high-strength polyethylene (Dyneema®) fibers
are available in Japan and possess great energy absorp-
tion capacities and, superior strength higher than high
strength type of carbon fibers (PBO fibers) and supe-
rior ultimate tensile strain higher than 3% (polyethy-
lene fibers) (refer to Fig. 1). However, unlike the cold
worked steel reinforcements, FRPs stay elastic until
failure and fail in a noticeably brittle manner. Cor-
respondingly, FRP-strengthened concrete structures
may fail momentarily without any advanced warning
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of impending failure. In addition, limited bonding abil-
ity of FRP–concrete interface to transfer stresses from
concrete substrate to FRP composites often greatly
lowers the expected gains and results in a catastrophic
and brittle failure such as debonding at cutoff point
or flexural/shear cracks. This implies that advantages
of FRP composites may not be fully utilized and
enough ductility may not be gained before attaining
the expected ultimate load due to interfacial debonding
failure or brittle rupture of FRP composites. Moreover,
gains in the stiffness and yield load are very limited
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Figure 2. Drawbacks of normal FRP bonding technique for strengthening RC structures.
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Figure 3. Idealized stress–strain behaviour of hybrid FRP composites.

for the strengthening effects of aramid or glass fiber
composites. Even for the case of carbon fibers with a
modulus similar to steel reinforcement, the strength-
ening effects are not yet enough due to the reason that
the reinforcing ratio is relatively low (Fig. 2). There-
fore, a significant enhancement can hardly be achieved
in the service load. To improve the performance of
the strengthened structures and efficiently utilize the
advantages of FRPs, it is essential to either develop
an efficient design guideline concerning such unfa-
vorable failure modes or create some new effective
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strengthening techniques. One idea to incorporate the
ductility and the stiffness is to use hybrid composites
consisting of different types of fibers with differ-
ent moduli and strengths, which fracture at different
strains during loading, thereby allowing a gradual rup-
ture of the composites. Such kind of gradual fracture
processes is also very helpful to relieve the stress con-
centrations along the FRP–concrete interface thus the
premature debonding can be prevented.

Generally, strengthening of structures aims to
either enhance the serviceability performances such
as cracking resistance behavior, ultimate load-arrying
capacity or seismic resistance (ductility) etc.

Figure 3 demonstrates an idealized stress–strain
relationship of hybrid FRP composites which compose
of three types of high modulus, strength and ductility
fibers. High modulus fibers can be used to ensure the
enhancement in the stiffness, cracking resistance and
yield loads. To enhance largely the structural strength,
high strength fibers can be used together with high
modulus fibers. The mixture of high modulus and
high strength fibers presents a certain strain hardening
behavior till the rupture of high strength fibers, which
may be used to control the deformation of structures
with a good restorability performance. In addition,
the ductility can be increased by mixing some high
ductility fibers. Theoretical studies showed that the
stiffness can be enhanced by higher modulus fibers
and the ductile behavior may be obtained by hybrid
fibers where carbon fibers are mixed in certain pro-
portion with aramid or glass fibers. But the practical
problem often showed that premature failure or signif-
icant load drops of the hybrid composites occur due
to that locally high stress concentrations at the loca-
tion of fiber breakage damaged the surrounding fibers
(Razaqpur andAli 1996; Harris et al. 1998;Apinis et al.
1998; Wu et al. 2001, 2002). Therefore, the expected
strengthening effects cannot be achieved simply by
using the rule of mixture prediction. This needs ratio-
nal mixture design and special efforts to control the
stress drops.

Table 1. Summary of mechanical properties of different fiber sheets.

Fiber Types of Fiber aerial Thickness Tensile Modulus of Rupture
ID fiber weight (g/m2) (mm) strength* elasticity* (MPa) strain* (%)

C1 High strength 200 0.111 3400 (4232) 2.3 × 105 (2.43 × 105) 1.48 (1.74)
carbon Fiber 300 0.156

C7 High modulus 200 0.143 1900 (2507) 5.4 × 105 (5.54 × 105) 0.35 (0.45)
carbon fiber

P PBO fiber 200 0.128 3500 (4156) 2.4 × 105 (2.60 × 105) 1.67 (1.60)
G E-glass 300 0.118 1500 (1793) 7.3 × 104 (8.0 × 104) 2.05 (2.23)
D Polyethylene 250 0.258 1850 (1832) 7.0 × 104 (6.0 × 104) 2.64 (3.08)

(Dyneema®)

*The values provided by the manufacturer are followed by the average values from experiment in parentheses.

2 FUNDAMENTAL INVESTIGATION OF
HYBRID FRP COMPOSITES

To give a clear insight into the mechanical behavior
of different hybrid fiber sheets, a series of uniaxial
tension specimens were tested by composing differ-
ent types of fiber sheets. The fiber sheets included
in the investigation were higher modulus (C7), higher
strength (C1) carbon fiber sheets, high strength PBO
(P for short) fiber sheets, high ductility fiber sheets
(D short for Dyneema fiber sheets) with different pro-
portions. The hybrid ratios of different kinds of fibers
are indicated as layer’s ratio. The tension specimens of
FRP sheets are manufactured through impregnation
of epoxy resin according to JSCE (2001) as shown in
Figure 4. The loading is controlled by displacement
at a rate of 1 mm/min.

To calibrate the material properties provided by the
manufacturer, single type of fiber sheets were tested.
The results are also tabulated in Table 1, where most
of the indices are higher than those in the specifica-
tion by the manufacturer. Based on these values, it
is easy to predict the mechanical behavior of hybrid
fiber sheets following the rule of mixture (Wu et al.
2004a).

2.1 Preliminary hybrid design following rules of
mixtures

Following rule of mixtures behavior, the stress σave
or load Pave – strain ε relationships and the elastic

60mm 60mm

250mm

130mm
12.5mm

Glass fiber tabFRP sheets

Figure 4. Details of tension specimens.
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Figure 6. Hybrid fiber sheets composing of PBO and C7.

modulus Eave of hybrid composites can be repre-
sented by the following equations:

where E1, E2, E3 and A1, A2, A3 are the elastic
moduli and cross-sectional areas of high modulus,
strength and ductility fiber sheets respectively. A is
the entire cross-sectional area of the fiber sheets

(A = A1 + A2 + A3). FHM is the tensile strength of high
modulus fiber sheet.

After the rupture of the each individual fiber sheet,
it is excluded in calculating the stiffness Ei and cross
sectional area Ai of the hybrid composites. In order to
discuss the stress (load) drops Pd due to the impact
of gradual ruptures of fibers and to find an influenc-
ing factor to control the load drops, the ratio of load
loss due to the current ruptured fibers, Pr and max-
imum load-carrying capacities of hybrid composites
Pmax is defined as Pr/Pmax(%). Moreover, the load
drop ratios at the ruptures of high modulus (HM) and
high strength (HS) fibers are defined as Pd/Py(%) and
Pd/Pmax(%) respectively.
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Figure 7. Hybrid fiber sheets consisting of D, C1 and C7.

2.2 To enhance the serviceability performances of
structures with hybrid fiber sheets composing
of high modulus and high strength fiber sheets

As expected in Figure 3, high modulus fibers combined
with high strength, when subjected to loading, may
exhibit high initial stiffness and then followed by some
load drops due to gradual rupture of high modulus
sheets till attaining the strength of high strength fiber
sheets. Such hybridization may be helpful to enhance
the structural stiffness, yielding load and cracking
resistance when applied to repair or strengthen struc-
tures. However, as shown in Figure 5 and 6, load drops
can be expected due to early and progressive rupture
of high modulus and it may fail the structure if such
load drops cannot be controlled within a small range.
With the increase of hybrid ratio of high strength fiber
sheets, load drops can be effectively controlled and a
pseudo-plastic plateau can be achieved in hybrid sheets
of C1/P with C7 fibers. This means that an optimum
mix design can be made for practical application.

2.3 To achieve a comprehensive structural
behavior with hybrid fiber sheets composing
of high modulus, high strength and high
ductility fiber sheets

Hybrid fiber sheets of high modulus, high strength
and high ductility fibers may be composed together

to present a required mechanical behavior in terms
of initial stiffness, strength, ductility and other per-
formances. Actually, ductility of FRP is one of major
concerns in repairing/strengthening of structures.

Figure 7 demonstrates that increasing the hybrid
ratio of high ductility fiber (D) may be helpful to con-
trol the load drops due to the rupture of C7 and C1
fibers and give a superior ductile behavior. The ratio
of C1 only and slightly affects the behavior prior to
the expected strength and after that load is succes-
sively transferred to D due to the failure of C1. High
volume of C1 may smooth the load transfer in the
hybrid fiber sheets. From the results of Figure 5–7,
it is observed that there are good agreement between
the experiments and prediction based on rule of mix-
tures for the initial stiffness, load at rupture of HM
fibers and maximum load. Moreover, a hybrid com-
posite with over 3% ultimate strain can be realized
through an appropriate design of hybridization.

Table 2 andTable 3 summaries the tensile test results
of hybrid fiber sheets composing of two or three types
of fibers respectively. Each experimental value is an
average one of five samples of specimens.Through the
investigation on the stress (load) drop, it is realized that
for the hybridization by composing two types of fibers,
the load drop ratio is about under 10% while for the
hybridization of composing three types of fibers the
load drop ratio is about under 16% if the ratio of load
loss is kept below 40%.
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Table 2. Summary of tensile tests of hybrid fiber sheets (consisting of two types of fibers).

Max. load
Load at Load loss due drop due to

Experiment HM sheet to HM sheet HM sheet
Type of or rupture rupture Max. load rupture 1–Pr /Pmax Pd/Py Ductility
specimen calculation Py (kN) Pr (kN) Pmax (kN) Pd (kN) (%) (%) (%)

C7:C1 = 1:1 5.91 5.73 2.57 43 *
C7:C1 = 1:1.5 7.24 For 8.08 2.17 For 30 1.37
C7:C1 = 1:2 Experiment 8.31 calculation 11.90 0.90 calculation 11 1.35
C7:P = 1:1 6.44 only 5.44 2.21 only 34 *
C7:P = 1:2 8.03 10.01 0.75 9 1.28

C7:C1 = 1:1 6.05 4.53 5.87 23 1.48
C7:C1 = 1:1.5 6.81 4.53 8.81 For 49 For 1.48
C7:C1 = 1:2 Calculation 7.56 4.53 11.75 experiment 61 experiment 1.48
C7:P = 1:1 6.41 4.53 6.67 only 32 only 1.46
C7:P = 1:2 8.27 4.51 13.34 66 1.46

* These strains were not measured because extensometer was shifted due to impact at the HMC sheets rupture.

3 FLEXURAL STRENGTHENING OF
STRUCTURES WITH EXTERNALLY
BONDED HYBRID FIBER SHEETS

To investigate the effect of FRP hybridization on the
flexural strengthening or repairing of RC structures, a
series of beam specimens as shown in Figure 8 were
constructed and tested under three point bending with
one-point loading at the mid-span (Wu et al. 2004b).
All the beams were designed to undergo enough shear
strength for avoiding a brittle shear failure. The spec-
imens were categorized into two groups: the first one
was used for strengthening of virgin RC beams and
the other one was for retrofitting of RC beams with
existing damage.

3.1 Load-deflection and crack width
relationships of RC beams strengthened
with hybrid composites

3.1.1 Strengthening of virgin RC beams
Figure 9(a) and 9(b) show the experimental load-
deflection curves of strengthened beams with both car-
bon fiber sheet (CFRP) and PBO fiber sheets (PFRP)
by varying the FRP amount from 1 layer to 3 layers.
Moreover, the control beam and examples of beam
specimens strengthened with hybrid fiber sheets of
C1C7 (1.5:1, 2:1) and PC7 (1.5:1, 2:1) are also drawn
in Figure 9(a) and Figure 9(b) to make a comparison.

The observed test results showed that one layer of
C1 or P sheets failed in rupture and with increase of
FRP amounts, debonding failure may be caused from
the end of a critical flexural crack around midspan with
a brittle behavior. But by using hybrid fiber sheets, the
failure mode may be shifted from debonding to grad-
ual ruptures and the premature FRP debonding can
be avoided and controlled by the FRP hybridization.

As demonstrated in Figure 9 (a) and (b), hybrid fiber
sheets with a hybridization of higher modulus type of
carbon fiber sheets (C7) can achieve a higher initial
stiffness. And a good ductility also can be realized
because the gradual ruptures of fibers prevent the
occurrence of FRP debonding. Due to the partial rup-
ture of C7 in the hybrid fiber sheets, stresses may
be redistributed and thus interfacial shear stress along
FRP-concrete interface can be relieved, which is help-
ful to fully utilize the potentials of FRP composites
and increase the ductility though final failure mode
remains unchanged (debonding).

It is also found that the specimens strengthened
with PBO fiber sheets yield higher strength and duc-
tility than the ones with C1 fiber sheets, which lies in
its higher energy absorption capacity in addition to its
marginally high strength.

Figure 10(a) to Figure 10(c) represent the distribu-
tion of FRP strains with distance from the mid-span
under different loading levels. It is observed from Fig-
ure 10(c) that the beam strengthened with hybrid fiber
sheets can carry a very high ultimate stress near by
the capacity of PBO fiber sheets. In the case of speci-
mens strengthened with three layers of PBO sheets as
shown in Fig 10 (b), the maximum FRP strains at the
maximum load is below 10000 µ which is far away
comparing with the ultimate strain of PBO fibers due
to the premature debonding failure of FRP sheets.

Table 4 tabulates the various indices of performance
evaluation of structural beams on steel yielding load,
deflection load, ultimate load, ductility and FRP strain
at final failure. All indices are defined as ratios i.e.
the steel yielding load, inflection load and ultimate
load of the control beam are considered as reference.
Moreover, the index of the FRP strain is defined as a
ratio between the FRP strain at final failure and the
ultimate strain.
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Figure 8. Dimensions of FRP-strengthened RC beams.
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Figure 9. Load-deflection curves of strengthened virgin RC
beams.

Through the comparison of different evaluation
indeces, the hybridization of C1C7 or PC7 with a layer
mixture of 2:1 can be considered being an optimum
design for strengthening concrete beams as externally
bonded reinforcements.

In Figure 11, two beam specimens were strength-
ened with hybrid fiber sheets composing of high
modulus (C7), high strength (C1) and high ductil-
ity (D) fibers under a proportion of 1:1:3 by using
3 and 5 U-wrapping anchorages respectively. Because
in this study different FRP layered hybridization is to
use existing fiber sheets, it is difficult to have a mix-
ture design by considering the constraints condition
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Table 4. Various indices of performance evaluation.

Indices

Steel
yielding Inflection Ultimate Ductility FRP strian
load load load ratio at failure

C1(1 layer) 1.16 1.18 1.49 5.29 0.75
C1(2 layer) 1.40 1.33 1.91 6.25 0.94
C1(3 layer) 1.60 1.56 2.24 3.13 0.49
C1C7(1:1) 1.47 1.72 1.69 4.25 1.11
C1C7(1:5:1) 1.50 1.78 1.82 5.67 0.91
C1C7(2:1) 1.73 1.81 2.04 5.66 1.06
C1C7(2:5:1) 1.76 1.92 2.26 5.56 0.78

P(1 layer) 1.16 1.16 1.60 3.67 0.77
P(2 layer) 1.30 1.43 2.05 5.01 0.72
P(3 layer) 1.55 1.52 2.30 4.09 0.60
PC7(1:1) 1.41 1.61 1.84 3.34 0.98
PC7(1:5:1) 1.64 1.75 1.87 7.88 0.95
PC7(2:1) 1.72 1.85 2.22 7.13 0.84
PC7(2:5:1) 1.87 1.87 2.24 4.55 0.72
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Figure 11. Load-deflection curves of strengthened RC
beams with hybrid sheet composing of three types of fibers
D, C1 and C7.

for avoiding FRP debonding. To prevent the premature
debonding failure, a certain number of U-wrapping
anchorages were used around the midspan of specimen
(Fig. 12).

Although the debonding is predicted to initiate
around the midspan, due to the large amount of flexural
reinforcements of both rebars and hybrid composites,
a diagonal flexural crack become a dominated one
and the FRP debonding initiates from the end of this
crack (Fig. 12). Therefore, as shown in Figure 12 for
the spacing of 20 mm c/c, the performances of three
U-wrapping anchorages to prevent debonding was also
not satisfactory. However, a very desirable strength-
ening performance can be achieved by using hybrid
fiber sheets consisting of three types of fiber sheets
with five U-warpping anchorage [DC1C7(3:1:1)-5U].
Although the final failure is due to the FRP debonding,
the full ability of the hybrid composites is also almost

85.01kN-Debonding failure

Compressive failure

Debonding initiation and propagation

90.01kN-Debonding failure

Compressive failure
U-shape sheets rupture 

Debonding initiation and propagation

Figure 12. Performances of 3 and 5 U-wrapping anchorage
to avoid debonding failure.

displayed because the FRP strain at final debonding
failure reaches 29555 µ.

As explained previously, hybrid fiber sheets can
relieve the stress concentration at cracks and thus to
a certain degree, prevent the premature debonding
failure. If an optimum design could be made for the
fibers, the structure can behave in a desirable way even
without anchorage.

3.1.2 Strengthening of existing beams with initial
damage

In most of the practical cases, existing structures under
service may have experienced some cracks or a certain
degree of damage and the strengthening is performed
without removing the service load. So it is neces-
sary to investigate the strengthening performance of
preloaded structures. The beam specimens were first
preloaded to a percentage of the experimental yield
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load of the control beam and then strengthened with
CFRP sheets on the bottom, followed by using the elec-
trical heaters to speed up the curing process for three
hours at 80◦C, while the preload was maintained.

When the temperature decreases to room temper-
ature, loading was resumed till failure. The load was
applied incrementally by a 200 kN-universal testing
machine at the rate of 1 kN/min until failure (Sakamoto
2002). Figure 13(a–c) show the load-deflection curves
while Fig. 3(d) shows the load-crack width curve for
damaged RC beams strengthened with single or hybrid
fiber sheets.

The experimental results showed that high predam-
age level yields more cracks in beams and thus a
low stiffness, which may improve stress distributions
in FRP composites and thus present a good ductil-
ity. It can also be concluded that no adverse effect of
precracking has on the strengthening performance as
compared to the corresponding virgin beams, which
agrees with the experimental findings from other
researchers (Arduini and Nanni, 1997). However, it
can be identified that the hybridization by compos-
ing of high modulus type of fiber sheet has more
effective and remarkable role in strengthening the
structures with severe damage especially on different
serviceability performances.

Some results of interests of RC beams have been
mentioned in Figure 14 (a) to Figure 14(d). Figure 14
(a) gives yielding load vs. stiffness curve for differ-
ent individual and hybrid fibers. From Figure 14(a),
it is found that there is a linear relationship between
the yielding load and the effective stiffness (Et) of
FRP, although both cases of single types of fibers and
hybrid fibers are not in one line. Because the yield-
ing loads of specimens are determined based on the
limited measurement points of strain gauges attached
to the rebars, there is a difference between the judg-
ment and real situation.Therefore the load at inflection
points determined from the load-deflection curve is
also discussed here. Due to the uses of hybrid fibers,
the stiffness level of RC beams shifted to a higher range
(110–160 kN/mm). Figure 14(b) shows the load at the
inflection point vs. stiffness of various FRP sheets. A
good linear variation between load at inflection point
and stiffness is observed for both individual and hybrid
fibers.

Figure 14 (c) shows the reationship between the
maximum load and potential tensile ability of FRP
sheets. The strengthening effect on load carrying
capacity by using hybrid composites is higher than
one by using single types of fibers. Moreover, there
is a limit on strength enhancement by using single
type of fiber sheets due to the limited ability of FRP–
concrete interface. Figure 14(d) shows that for all the
used fibers, the ductility increases within the range
of potential tensile ability value of 0.6–1 kN/mm and
then ductility decreases for higher value of ft−t.
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Figure 14(a). Yield load vs. stiffness of FRP sheets.
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Figure 14(b). Load at inflection point vs. stiffness of FRP
sheets.

0.8

1.0

1.2

1.4

1.6

1.8

2.0

2.2

2.4

0.2 0.7 1.2

Potential tensile ability (fF.t) kN/mm

P(2 layers)PC7(2.5:1) C1(3 layers)

P(1 layer) PC7(1:1)C1(2 layers) C1C7(1.5:1)

PC7(1.5:1) C1(1 layer)C1C7(2:1)
P(3 layers) PC7(2:1)C1C7(1:1) C1C7(2.5:1)

Hybridization  Carbon PBO Single  Carbon PBO

M
ax

im
um

 lo
ad

in
g

1.7

Figure 14(c). Load carrying capacity vs. tensile ability of
FRP sheets.

4 NUMERICAL INVESTIGATION OF HYBRID
STRENGTHENING EFFECT

Unlike steel reinforcement, FRP sheets of single type
generally behave in linear elastic fashion until rup-
ture. However, when hybrid fiber sheets are subjected
to loading, some progressive damages such as matrix
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Figure 14(d). Ductility vs. potential tensile ability of FRP
sheets.
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Figure 15. Modeling of progressive rupture of C7 in hybrid
composite.

cracking, fiber-matrix debonding, fiber-rupture and
delamination may lead to a different mechanical
behavior, as shown in the experimental observations
(Figs 5–7).

Considering that the shocks from such damages
may rupture a portion of unimpaired fibers, it is very
important to evaluate the stress transfer capacity upon
the partial rupture of some fibers.

Herein, from a macroscopic point of view, a dam-
age mechanical behavior shown in Figure 15 (Niu and
Wu, 2003b) is used for simulating the stress transfer
from C7 to C1 during progressive rupture of C7 fibers,
where C7 and C1 sheets are expected to achieve initial
high modulus and final high strength respectively.

By using this model, the effect of hybrid ratios can
be found in Figure 16a. It is easy to conclude that load
drop can be significantly reduced with the increase
of the volume of C1 sheet on the whole, but there
is no doubt a certain limit in the hybrid design over
which it is not economical to achieve the expected
effect. Fig. 16b demonstrates that the amount of load
drop or the expected hybrid effect also depends on the
stress transfer behavior caused by progressive rupture
of C7 fibers.The slower rupture process is the desirable
hybrid effect can be achieved.

103



(a) Hybrid ratios of C1 to C7 sheets
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To further investigate the strengthened RC beams,
as shown in Figure 17, the overall numerical results
were in good agreement with the experimental ones
(Niu and Wu, 2003b). It should be noted that the pro-
posed model is based on a macroscopic behavior not
the local one, which makes it unable to capture load
fluctuations in the experiment of hybrid fiber sheets.

(a) FRP stress distributions in C7 sheet

(b) FRP stress distributions in C1 sheet
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Figure 18. FRP stress distribution of C1C7 (2:1) hybrid
sheets.

5 CONCLUSIONS

FRP composites have been widely accepted as an
effective mean to repair/strengthen civil infrastructures.
However, the problems of debonding and brittle rup-
ture limit the practical applications of FRP composites.
To fully utilize the properties of these materials, hybrid
design concept is one of the alternatives. This paper
provides a review of using hybrid fiber sheets compos-
ing of high modulus, high strength and high ductility
fibers to strengthen the structures. The research work
on strengthening of columns and developing new com-
posite structures by using hybrid concept and hybrid
composite fibers is also carried out in Ibaraki Uni-
versity, Japan. The effectiveness and practicability of
hybrid concept and hybridization of fibers have also
been confirming.
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ABSTRACT: This paper presents the state of FRP research and design guidelines in construction in the
mainland of China. It covers structural strengthening with FRP sheets and plates, reinforced concrete structures
with FRP bars and tendons, all FRP structures and bridges, and FRP-concrete composite structures.

1 INTRODUCTION

Research on FRP in construction in the mainland of
China may be traced back to the end of 1950s when
China was in short supply of steel. The purpose of the
research was to explore the use of GFRP bars instead
of steel bars in RC T-section beams. But the beam
failed in a very brittle manner with a sudden rupture
of the GFRP bars, and the research was not continued.
In 1982, a highway bridge of 20.7 m in span and 9.2 m
in width in the form of a box-beam made of GFRP
honeycomb plates was built in Beijing, which was the
first trial to use FRP in bridges in China. After about
one year’s service, a local depression was observed in
the bridge due to the instability of the honeycomb and
local buckling.The GFRP beam was then strengthened
into a GFRP-concrete composite beam in 1987 and the
bridge has performed well till now.

Systematic research on FRP in construction was
begun in 1997 when the external bonded CFRP sheets
strengthening technique for RC structures was intro-
duced in China. The first test to demonstrate the
effectiveness of this new strengthening method was
conducted in 1997. Then, a series of experimental
studies were conducted at Tsinghua University under
the leadership of YE and YUE (Ref. 1–3). With the
fundamental research results, FRP began to find its
applications more and more in RC structure strength-
ening. It is estimated that about 600,000 m2 of FRP
sheet was used in 2003. In 1998, a sub-committee of
FRP in construction was founded under the Chinese
Civil Engineering Association. After that, there has
been more and more research on FRP strengthening of
structures. Figure 1 shows the growth in the number of
technical papers on FRP in construction published in
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Figure 1. Numbers of technical papers published in
chinese journals.

Chinese journals from 1997 to 2003. In 2002 and 2003,
two key research projects on FRP in civil engineering
were supported by the Chinese Science and Tech-
nology Ministry and the Chinese National Science
Foundation. A design specification for RC structures
strengthening with CFRP sheets was published in May,
2003. Now, a design code of FRP in civil engineering
with a wider scope of application of FRP in addition to
RC structure strengthening is under development and
will be finished by the end of 2004.

2 RC STRUCTURE STRENGTHENING

2.1 Flexural strengthening

Figure 2 shows the experimental research of RC bridge
slab flexurally strengthened with CFRP sheets bonded
to the soffit under sustained load. It was found that
the initial load before strengthening has only a small
influence on the ultimate strength (Ref. 4).
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(a) Test set-up

(b) Test results of M-φ relation
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Figure 2. Test of RC bridge slabs strengthened with CFRP
sheets under sustained load.

With the initial experimental research, it was found
that debonding failure was one of the controlling
failure modes. And then tests on fourteen beams,
in addition with a series of FRP-to-concrete bond
tests, were conducted on the debonding strength, and
FRP U-jackets were suggested to increase the flexu-
ral debonding strength (Ref. 5). Figure 3 shows that
the flexural debonding strength and the deformation
capacity can be increased with a uniform arrangement
of U-jackets. A thorough theoretical study with the
finite element method on the debonding behavior was
then undertaken (Ref. 6). A more detailed report on
research on debonding is given in another paper to be
presented at CICE 2004 (Ref. 7).

It is known from a lot of research that the strength
of FRP can only be effectively developed after the
yielding of tensile steel reinforcement in RC beams
for flexural strengthening. And it is naturally to apply
prestressed technique for flexural strengthening and a
device to apply prestressing to FRP sheets was devel-
oped in 2003 (Ref. 8). Then, seven full scale beams
strengthened with prestressed CFRP sheets, includ-
ing five RC beams and two PC beams, were tested.
Figure 4a shows the prestressed CFRP sheets before
bonding to the bottom of the beam, and Figure 4c
shows a comparison of the two PC beams, in which
PB1 is the one strengthened with the conventional
method and PB2 is the one strengthened with pre-
stressed CFRP sheets.

(a) Test set-up

(b) Load-Deflection Relations
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Figure 3. Flexural Debonding of CFRP-strengthened RC
beams with U-jackets for anchorage.

(a) Prestressed CFRP sheet before bonding to the 
 bottom of the beam and the test set-up
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Figure 4. RC beams strengthened with prestressed CFRP
sheets.
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To achieve the same safety degree as ordinary RC
and steel beams, the design indices for strength, duc-
tility and deformability for different load-deformation
patterns obtained from different compositions of mate-
rial were studied. Figure 5 shows the comparison of
design levels using different design indices for normal-
ized M -φ relations of steel, RC, PC, FRP-concrete and
FRP beams, in which S = Mu/Md is the strength index;
D = φu/φd is the ductility index; E = Eu/Ed is the
energy index; DF = (Mu/Md)(φu/φd) is the deforma-
bility index. It was concluded that the deformability
index and the energy index are reasonable for use to
achieve the same safety degree for FRP and FRP–
concrete beams as the RC and steel beams. Based on
this design philosophy, the design criteria based on the
reasonable design index is used for flexurally strength-
ened RC beams and the other of FRP application in
construction.

2.2 Shear strengthening

In 1998, seven specimens of RC columns strengthened
by wrapping CFRP sheets were first tested atTsinghua
University to investigate the shear strength enhance-
ment (Figure 6a, Ref. 9). In the tests, the strains and
their distributions in the CFRP sheets were carefully
studied to determine the contribution of CFRP to the
shear strength. It was found that the amount of CFRP,
shear-span ratio and axial load ratio have effects on the
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(a) Failure pattern
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Figure 7. Debonding failure of RC beams shear strength-
ened with GFRP U-jackets.

contribution of CFRP to the shear strength (Ref. 9–11).
Based on the analysis of test results, a simplified calcu-
lation formula to determine the contribution of CFRP
to the shear strength is suggested (Ref. 12). Figure 6b
shows the comparison of the calculated results and the
test results.

For RC beams, U-jacket bonded strengthening is
always used in construction and debonding is the main
failure mode. In 2002, 15 beams were tested to investi-
gate the shear debonding strength (Ref. 13). The strain
distribution and its development in the FRP sheets
were carefully studied to obtain the shear contribu-
tion of FRP when shear debonding occurs. Figure 7a
is a photograph of shear debonding failure of GFRP
U-jackets. Figure 7b shows the strain distribution and
development in the GFRP sheets. Based on the test
results and finite element analysis (Ref. 14), it was
found that the shear contribution of FRP U-jackets
only depends on the bonded area and the FRP-to-
concrete interfacial shear strength. It was found that
the shear-span ratio has some influence on the strain
distribution, and the stiffness of FRP sheets has less
effect on the shear contribution of FRP.

2.3 Seismic strengthening of RC columns

In 1998, eight specimens of RC columns, including
two strengthened after being loaded to yield level with
some damage and one strengthened under a sustained

111



(a) Circular columns (b) Square columns

Figure 8. Test set-up for RC columns under high axial load
and cyclic lateral load.

axial load, with insufficient hoops according to the
current Chinese seismic design code were tested under
constant axial load and lateral cyclic load at Tsinghua
University to investigate the improvement of seismic
performance by wrapping CFRP sheets (Ref. 15–16).
The ductility enhancement with the confinement of
CFRP sheets was studied by the strain development
and distribution in the CFRP sheets. Based on the
experimental research, it was found that the strains
in the wrapped CFRP sheets were mainly induced
by the expanding concrete after the yielding of the
columns. An equivalent confinement factor of the
wrapped CFRP sheets was proposed to make up for
the deficiency in the amount of steel hoops.

In the Chinese seismic design code, the axial load
is limited for RC columns to ensure sufficient ductil-
ity. The limitation of the axial load is related to the
amount of steel hoops. There is a demand in con-
struction to increase the axial load limitation with the
confinement of FRP for existing columns. A series
of experiments, including six circular RC columns
and seven square RC columns were conducted in
2003 under high axial load-to-concrete strength ratio
(σc/fc = 0.7 − 1.0) and cyclic lateral loads (Figure 8–
9). Based on the experimental results, the relationship
between steel reinforcement confinement and FRP
confinement was calibrated, and a simple expression
was proposed. As a result, the design method of FRP
confinement can be easily implemented into the design
code for RC columns.

2.4 Compressive stress–strain behavior of
FRP-confined concrete

The compressive behavior of concrete confined by
FRP and hybrid FRP jackets and tubes, including
round, square and rectangular sections under uniaxial
compression were researched in several universities in
China. Figure 10 shows some photographs of spec-
imens tested at Tsinghua University and some test
results. A design-oriented stress–strain relation con-
sidering the effects of section type, size ratio and initial
axial load ratio was suggested based on the test results.

In order to investigate the behavior of square con-
crete columns confined by FRP sheets, finite element

analysis was used. The FEA method can effectively
simulate the behavior of square columns confined by
FRP sheets when a proper numerical model is adopted.
Based on the test and FEA results, the stress dis-
tributions and the stress development were obtained
(Figure 11a). And the strong constraint area at the
corners, the weak constraint area at the edges and
the average constraint area in the centre were deter-
mined (Figure 11b).These results provide a theoretical
understanding for establishing a stress–strain model.
Figure 12 shows a comparison of stress–strain curves
from FEA and the test results.

A new analysis-oriented stress–strain model for
FRP-confined concrete has been proposed for circu-
lar columns (Ref. 18). In this model the responses
of the concrete, the FRP jacket and their interaction
are explicitly considered. The key new feature of this
model is a more accurate and widely applicable lat-
eral strain equation based on careful interpretations
of test results of unconfined, actively confined and
FRP-confined concrete. Independent test data were
compared with predictions of the proposed model to
demonstrate its accuracy, as shown in Figure 13.

2.5 Others

The research on the strengthening of other RC struc-
tural elements with FRP sheets and plates in China
includes two-way slabs, torsional members and beam-
column joints. There has also been research on RC
beams strengthened using external prestressed CFRP
strands and fatigue behavior of RC beams strength-
ened with CFRP sheets and prestressed CFRP sheets.

3 STRENGTHENING OF OTHER KINDS OF
STRUCTURES

3.1 Steel structures

To increase the fatigue strength of steel beams, a series
of experimental studies on the strengthening of steel
structures with CFRP were conducted at the National
Engineering Technique Research Center of Industrial
Buildings since 2001. The tensile tests showed that
the tensile strength can be increased by 8∼21% with
different amounts of CFRP. Figure 14 shows welded
tensile specimens and a comparison of the S-N relation
under fatigue cyclic loading.An increase in the fatigue
strength was also obtained in a steel beam in which
CFRP sheets were bonded to the round corners at the
support of the steel beam.

3.2 Masonry structures

About sixty percent of the masonry buildings in China
were built about 30 years ago and some were built
more than 100 years ago. Many of them do not meet
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Figure 9. Load-displacement hysteresis relations of RC columns under high axial load and cyclic lateral load.

113



(a) Specimens of confined RC columns: square and rectangular
section confined with CFRP and hybrid FRP; GFRP and hybrid
C-G-FRP tube
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Figure 10. Tests on FRP confined concrete.
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Figure 11. FE analysis results.

the requirements of the current design requirements,
especially the seismic resistance of the masonry walls.
About 40 masonry walls strengthened with GFRP and
CFRP sheets were tested under cyclic lateral load in the
wall plane to investigate seismic resistance behavior
in China. Figure 15 shows the experimental research
conducted at Tsinghua University. It was found that
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(a) W2-0 

(b) CW2-3 

(c) CW2-4 

Figure 15. Test of masonry walls strengthened with FRP sheets.

the seismic shear strength of masonry walls can be
increased by the direct tensile stresses developed in
the FRP sheets, and in addition, the integrity of the
wall can be enhanced.

3.3 Special structures

Figure 16 shows a test of a containment shell structure
of a nuclear power station strengthened with CFRP
sheets conducted by the National Engineering Tech-
nique Research Center of Industrial Buildings. The
one-tenth scale shell structure model was first loaded
to failure under internal pressure and then strength-
ened with CFRP sheets. It was shown that the capacity

can be recovered and a little increased to the level of
the new one.

4 RC STRUCTURES WITH FRP BARS AND
PRESTRESSED FRP TENDONS

Research on RC structures using FRP bars began
at Southeast University, Nanjing, in 1999, and then
at Tongji University, Shanghai. More than 40 beams
were tested to determine the flexural behavior and
to establish the flexural strength. To obtain high per-
formance, Southeast University began to study RC
beams prestressed with FRP tendons and developed
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(a) Test model (b) Test curves of internal pressure and lateral displacements

0 2 4 6 8 10 12 14 16 18 20
0

100

200

300

400

500

600

700

800

900

 26D135SH
 17D135SH

Lateral Displacement (mm)

In
te

rn
al

 P
re

ss
ur

e 

Figure 16. Test of containment shell structure of nuclear power station.

some anchorage devices for prestressed FRP tendons.
The design methods are now well developed, but
there has been no application so far, because there is
not much demand in construction compared to FRP
strengthening.

5 ALL FRP STRUCTURES AND
FRP–CONCRETE COMPOSITE
STRUCTURES

5.1 GFRP bridges

Besides the first GFRP highway bridge built in
Beijing in 1982, about seven GFRP footbridges were
completed in Sichuan province from 1986 to 1993.
Figure 17 shows two of them built in Chongqin.

5.2 FRP bridge deck

In 2001, a research project on FRP bridge decks was
undertaken at Tsinghua University. The initial test
results showed that delamination and local buckling
were the controlling failure modes. To enhance the
deck’s performance, the use of outside filament wind-
ing was proposed. Figure 18 shows obvious improve-
ment as a result of filament winding. A pseudo-ductile
behavior can be achieved by outside winding rein-
forcement. Based on the initial test results, an FRP
deck product for traffic bridges was designed as shown
in Figure 18.

5.3 FRP space structures

Due to its favorite properties of lightweight and high
strength, it is reasonable to use FRP to construct super
span space structures. Two types of all FRP super-span
space structures are now under research at Tsinghua

 (a) Chenjiawan bridge

Jiaoyuan Bridge

Figure 17. GFRP footbridges in Chongqin.

University. One is the latticed space structure using
FRP tubes. Figure 20 shows CFRP tubes used to study
their mechanical behavior under axial tensile and com-
pressive forces.A linear behavior was found in the tests
until debonding or buckling failure occurred.

Another innovative form of FRP super-span space
structures is the FRP woven web structure (FRP
WWS). A model is shown in Figure 21. In the FRP
WWS, the high-strength FRP strips are woven like
bamboo strips in a Chinese bamboo mat to form a plane
web. The outer and the inner ring beams are provided
to anchor the FRP strips, which are initially prestressed
to establish sufficient stiffiness. The low self-weight,
high tensile strength and corrosion-resistance of FRP
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(a) FRP deck without outside filament winding 

(b) FRP deck with outside filament winding

(c) Comparison of load-deflection of FD and FDW 

(d) FRP deck product 
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Figure 18. FRP bridge deck for traffic bridges.

strips can be fully utilized in an FRPWWS. In addition,
a significant amount of damping can be expected to
arise from friction at joints between FRP strips. Spe-
cial architectural configurations can be achieved by
employing regular weaving patterns.

5.4 Concrete filled FRP tubes

More than 40 concrete filled GFRP tube columns were
tested to determine their static and seismic behavior
at Tongji university since 1999. The ductility of the
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Figure 19. Long term test of FRP deck.

columns was much increased with the confinement of
GFRP tube. It was found that GFRP tubes made with
fibers in 45 degrees had pseudo-yielding properties
under compression. A hybrid tube of GFRP and CFRP
has been used in the research on compressive behavior
of confined concrete at Tsinghua University in 2003,
as shown in Figures 10c and 10d.

6 DESIGN SPECIFICATIONS AND
STANDARDS

The development of the first design and construction
specification for CFRP strengthening of RC struc-
tures began in 1998. The specification was formally
approved by the Chinese Construction Standard Com-
mittee in May, 2003. Two material product standards,
for CFRP sheets and resins respectively, were also pub-
lished. With the increased field applications of FRP in
civil engineering and based on the researches in recent
years, a code of FRP application in civil engineering
has been under development since 2002. The contents
of the code are as below.

(1) FRP materials: CFRP, GFRP and AFRP and their
products, such as FRP bars, strands and tubes,
are included. The standard mechanical properties
should have a reliability of 95% based on more than
15 standard tests.And lower bounds are imposed for
each kind of FRP materials and the corresponding
mechanical properties.

(2) Strengthening of RC structures: Flexural strength-
ening of beams and slabs with external bonded
CFRP sheets and plates, both prestressed and
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(a) CFRP tubes for latticed space
structures

(b) Debonding failure under tension

(c) Debonding failure under compression 

(d) Local buckling failure

Figure 20. CFRP tubes for space truss structures.

Figure 21. A model of the FRP woven web structure.

unprestressed. The use of GFRP and AFRP in
flexural strengthening is not allowed due to their
lower modulus; Shear strengthening of beams and
columns; Strengthening of two-way slabs; Strength-
ening of torsional beams; Seismic strengthening
of columns; and Quality control and checking
procedures are also provided.

(3) Strengthening of masonry structures: seismic
strengthening of masonry walls and a calculation
method for the in-plane shear strength is provided.

(4) Strengthening of steel structures: fatigue strength-
ening and an evaluation method is provided.

(5) Concrete beams reinforced with FRP bars and
prestressed with FRP strands.

(6) FRP and FRP-concrete composite structures: con-
crete filled FRP tubes and FRP slabs.
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Experimental and finite element studies on deteriorated steel members
repaired with CFRP sheets
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ABSTRACT: Defects and damage exist in many steel members because of corrosion, fatigue or mechanical
damage, so cost-effective techniques for the rehabilitation and strengthening of these members are in urgent needs.
There are several advantages of adhesively bonded fiber reinforced polymer (FRP) laminates to the deteriorated
steel members over traditional retrofit methods. But to date, little research has been conducted on the steel
members repaired with FRP laminates. The feasibility of using carbon fiber reinforced polymer (CFRP) sheets
for repairing deteriorated steel members was discussed in this paper. The stress distribution between the CFRP
sheets and the steel plates interface was also analyzed and the effective bond length of CFRP sheets was obtained.
The 3D FEM software ANSYS was adopted to analyze the stress of the specimen and J-integral of the specimen.

1 INTRODUCTION

Defects and damage exist in many steel members
because of corrosion, fatigue or mechanical damage.
Traditional methods of repairing these deteriorated
steel members are to attach cover plates to these mem-
bers through bolts or welding. However, there are many
disadvantages, such as labor intensive and time con-
suming, the sensitivity of the welded detail to fatigue,
high stress concentrations near the bolts, increase in
the weight of the member. Owing to the high strength
and stiffness to weight ratio, excellent fatigue and
durability, corrosion-resistant characteristics of FRP,
the application of FRP is a preferable strengthening
technique to conventional strengthening methods. To
date, a vast majority of studies have been conducted
into FRP strengthening concrete members, but with
little research on the steel members [1,2,3,4].

In this paper, ten uniaxial tensile tests were con-
ducted to investigate the efficiency of using CFRP
sheets to rehabilitate damaged or undamaged steel
members. The interfacial stress distribution between
CFRP sheets and steel plates was measured in the
tests and the effective bond length of CFRP sheet was
obtained. Three-dimensional nonlinear finite element
software ANSYS was adopted to analyze the stress
of the steel plate, adhesive and CFRP sheets. The
J-integral of the crack-tip of the steel plate was cal-
culated by the use of ANSYS Parametric Design Lan-
guage (APDL). The parameters, such as type of FRP,
property of adhesive, dimension of the crack, which
influence the J-integral were discussed in this paper.

2 EXPERIMENTAL STUDY

The main objectives of the research program were
to investigate the effectiveness of adhesive bonding
CFRP sheets to deteriorated steel plate, analyze the
interfacial stress distribution of the interface and deter-
mine the effective bond length of the CFRP sheets
when used to repair the deteriorated steel members.

2.1 Materials

The steel plate was of Q235 quality, which was used
widely in civil engineering in China. A total of three
dogbone coupons with a gauge length of 100 mm,
gauge width of 19 mm, and thickness of 5.9 mm were
tested in uniaxial tension to determine the actual
yield and ultimate strength. The average yield strength
and tensile strength were 388.2 MPa and 517.1 MPa,
respectively. The average modulus of elasticity was
216.2 GPa.

The CFRP sheets used were fabricated by T700 car-
bon fibers.A total of five tensile coupons, with a length
of 230 mm and width of 25 mm, were tested.The nomi-
nal thickness of the CFRP sheet was 0.167 mm and the
fibre amount was 300 g/m2 per sheet. The sheets had a
unidirectional average tensile strength of 3788.0 MPa
and tensile elastic modulus in the fiber direction of
217.6 GPa.The ultimate failure strain of the sheets was
approximately 1.7%. The stress–strain relationship of
the CFRP sheets was typically linear-elastic.

Material properties of the steel plates and CFRP
sheets were given in Table 1.
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Table 1. Material properties of steel plates and CFRP sheets.

Yield Tensile Elastic Failure
strength strength modulus strain

Properties (MPa) (MPa) (GPa) (%)

steel 388.2 517.1 216.2 28.5
CFRP – 3788.0 217.6 1.7

Table 2. Material properties of the adhesive.

Tensile Elastic Failure Shear*
strength modulus strain strength

Properties (MPa) (GPa) (%) (MPa)

42.6 2.57 1.7 16.42

*The shear strength of the epoxy adhesive was tested by
stainless steel-to-steel single-lap tensile shear bonded joint.

A two-component, room temperature, less viscous
epoxy adhesive was selected for bonding the CFRP
sheets to the steel plate. The mixing ratio of the
adhesive was four parts resin to one part hardener by
volume. The adhesive had a pot life of 50 minutes at
room temperature and was fully cured after seven days
at 25◦C. Properties of the epoxy adhesive were given
in Table 2.

2.2 Specimen details and preparation

Two types of specimens were tested in the study (see
Fig. 1). Specimens of type I were used to assess the
feasibility of using CFRP sheets for strengthening
damaged steel plate.There were two semicircular part-
through holes at each side of the plate and the radius
of the holes was 5 mm, which was introduced to sim-
ulate the loss of steel section area and to ensure that
failure would occur at this location. The CFRP sheets
were bonded on both sides of the steel plate, which
was called as symmetric bonding. The difference of
specimens of type II was that there was no damage
in the steel plates and a transverse GFRP sheet was
placed on one end to force debonding to occur at the
other end.

The steel plates were first fabricated into the proper
dimensions illustrated in Fig. 1, including the cut of the
holes. Then the CFRP sheets were cut into the proper
dimensions. After cleaning the dust, contamination,
oxide and grease of the steel from the bonding area,
a thin film of silane coupling agent was smeared on
the clean surface of the steel plate. Twenty minutes
later, the CFRP sheets were bonded to the surface of
the steel plate through a layer of the epoxy adhesive.
The CFRP sheets of series II were anchored at one
end. Data collection was accomplished by a series of

hole (R=5) CFRP sheetsteel plate 200200

300 300

50

(a) Specimens of type I 

50

600

steel plate GFRP sheet
CFRP sheet 
400

40

50

(b) Specimens of type II

Figure 1. Specimen details.

strain gauges located along the length of CFRP sheet.
Two days later, strain gauges were glued along the cen-
terline of the CFRP sheet in the half-bonded region.
In order to obtain the strain distribution in the steel
plates, strain gauges were glued to the corresponding
locations at the side of the steel plates of the type II
specimens. The specimens were tested after a mini-
mum period of seven days to guarantee full curing of
the epoxy adhesive.

2.3 Test setup and test procedure

Uniaxial tensile tests were performed by a WE-600
testing machine. When loading was at a lower level,
the steel plate was in elastic stage and no failure was
observed. With the increase in loading, peel off initi-
ated at the corner of the adhesive-steel interface at the
end of the CFRP sheet without anchorage. When the
loading was close to the yield load of the steel plate,
peel off extended longer from the end to the center.
When the peel off length was approximately a half,
the steel plate ruptured suddenly. The typical failure
modes of the specimens were illustrated in Fig. 2 and
Fig. 3.

2.4 Test Results

Test results showed that the yield load of control spec-
imen of type I was about 97.3 kN and the yield load
of the retrofitted specimen without anchorage at both
ends of the CFRP sheets increased to 112.1 kN. So
increase in yield loads were approximately 15.1%.The
reason was that the CFRP sheets shared a portion of
the load transferred across the damaged section and
the stress in the area of the steel plate reduced, which
delay the yield of the steel plate. After peeling of the
CFRP sheets, the load was transferred only by the steel
plate. So the ultimate bearing capacities of retrofitted
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(a) Peel off of CFRP (b) Fracture of steel

Figure 2. Failure of specimen of type I.

(a) Peel off of CFRP (b) Fracture of steel

Figure 3. Failure of specimen of type II.

specimens were approximately the same as that of the
control specimen.

The typical strain-location graphs for specimen
were shown in Fig. 4 and Fig. 5, which illustrated the
strain vs. the distance the strain gauge located from
the free end of the CFRP sheets. Each curve was plot-
ted for a given load level. It can be seen that at early
stages of loading, the tensile strains of CFRP sheets
were low near the end and the strain was horizontal.
As the load increased, the curves tended to attain a
non-linear shape and the strain curves became steep.
But beyond a certain bond length the strain tended to
become horizontal and the certain bond length was
called effective bond length to develop stress in the
CFRP sheets. From the plots, the development length
of CFRP sheets was about 100 mm.

The interfacial shear stress of adhesive-CFRP
sheets was calculated from the strain data along the
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Figure 4. Specimen belonging to type I.

CFRP sheet at different loading levels (see Fig. 4 and
Fig. 5). Considering an elastic behavior for the CFRP
sheets, the bond stress is obtained from the differences
between the tensile forces at different sections along
the CFRP sheets. It was observed from the test results
that the bond stress was nearly equal to zero at early
stages of loading. With the increase of loading, the
bond stress increased. It should be pointed out that
beyond the development length, the bond stress was
approximately zero at every load level, which meant
that the stress in the CFRP sheets was invariable.

The strain distribution of the CFRP sheet and the
steel plate at the load level of 90 kN was illustrated in
Fig. 6, in which the strain gauges of the CFRP sheet
and the steel plate were located at the same coordi-
nates in the longitudinal direction. It can be seen that
at the location of the end of the CFRP sheets, the stress
in the steel plate was maximal. The further from the
end of the CFRP sheet, the larger the stress was in the
CFRP sheet and the smaller in the steel plate. Beyond
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a certain length the strains of the CFRP sheet and
the steel plate were approximately the same. In other
words, the strains in the steel plate and CFRP sheet at
the central zone developed isochronously.

1400
30 kN
60 kN
90 kN

110 kN

30 kN
60 kN
90 kN

110 kN

1200

1000

800

C
F

R
P

 s
tr

ai
n 

(µ
ε)

S
he

ar
 s

tr
es

s 
(M

P
a)

600

400

200

1.00

0.80

0.60

0.40

0.20

0
0 20 40 60 80 100

0
0 40 120 160

Location (mm)
(a) Strain versus location

Location (mm)
(b) Shear stress versus location

80

Figure 5. Specimen belonging to type II.

Location (mm)

S
tr

ai
n

(µ
ε)

0
0

200

400

40 80

CFRP

1000

600

800

1200

1400

steel

120 160

Figure 6. Strain of CFRP and steel.

3 NUMERICAL ANALYSIS

3.1 Details of the model

A typical configuration of a center-cracked steel
plate repaired by bonded FRP sheets was shown in
Fig. 7. The commercial three dimensional nonlinear
finite element software package ANSYS was applied
in the analysis [5]. Due to symmetry, only eighth of
the specimen was modelled (see Fig. 8(a)). Symmetry
boundary conditions were applied on the symmetry
planes. The most important region in a fracture model
was the region around the crack front and the detail of
the finite model was shown in Fig. 8(b). In linear elas-
tic problems, the stresses and strains are singular at the
crack front, varying as 1/

√
r. To pick up the singularity
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Figure 7. Configuration of a repaired center-cracked steel
plate.
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Figure 8. Details of the finite element model.
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in the strain, the elements around the crack front should
be quadratic, with the midside nodes placed at the
quarter points, which were called singular elements.
The recommended element type for three-dimensional
models in ANSYS is SOLID95, the 20-node brick ele-
ment (see Fig. 8(c)). The shell41 element was used to
model the CFRP sheets and solid45 element was used
to model the steel plate. The adhesive layer was mode-
led by three springs (Combin39) for the transverse
shear stiffness in the x-z and y-z planes and the axial
stiffness in the z direction. The combin39 element is
defined by two node points and a generalized force-
deflection curve. The force-deflection curve of the
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axial spring elements was determined by the stress–
strain relationship of the adhesive from the tensile
tests. The force-deflection curve of the shear spring
elements was determined by the shear stress-shear
strain curve of the adhesive. The material properties
of the model were the same as the previous tests. The
adhesive was assumed to be isotropic and the CFRP
sheet was orthotropic.

3.2 Analysis results

The typical fracture parameter J-integral was calcu-
lated for both the steel plate without repair and the
repaired steel plate bonded with CFRP sheets. Varia-
tion of the J-integral as a function of crack length for
both specimens was shown in Fig. 9. It can be seen
that the J-integral increased with the increase of the
crack length. For retrofitted specimen, when the crack
length was 20 mm, the J-integral reduced from 6.37
to 5.30.

Figure 10 showed the variation of J-integral for the
retrofitted steel plate with the increase of CFRP sheet
thickness. Increase the thickness of CFRP sheets can
reduce the J-integral and so extend the crack propa-
gation. The variation of J-integral versus the elasticity
of the CFRP sheets was shown in Fig. 11, from which
we can see that using high modulus CFRP sheets is
an effective method to reduce the J-integral of the
crack front.

4 CONCLUSIONS

From the test results and the numerical analysis, the
major conclusions were as follows:

(a) Adhesively bonded CFRP sheets to the deteri-
orated steel members increased the yield loads
obviously, but the increase of the ultimate loads
was slightly because of the peel failure of the
CFRP sheets.

(b) Stress concentration was serious at the end of the
CFRP sheets and the effective bond length was
about 100 mm.

(c) The CFRP sheets were effective in preventing the
propagation of the crack. Increase of the thick-
ness of CFRP sheets can reduce the stress of the
crack front. Using high modulus CFRP sheets is
an effective method to extend the fatigue crack
growth life.
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ABSTRACT: This paper reports the results of eight two-span continuous reinforced concrete (RC) beams
strengthened with carbon fibre reinforced polymer (CFRP) composites that were tested to failure. Various
strengthening arrangements were investigated, with the serviceability and strength limit states being carefully
monitored. Crack propagation, deflections, and strains on the internal steel reinforcing bars, CFRP, and concrete,
are reported. A novel pseudo plastic hinge concept that can be used to predict the behaviour of strengthened
continuous beams up to failure, which correlates well with experimental results, is presented. The redistribution
of internal forces is analyzed with this analytical procedure and the effectiveness of the various strengthening
schemes with regards to strength, ductility and deformability is discussed. The strengthened beams display
suitable deformability and ductility with the CFRP restraining the excessive opening of cracks.

1 INTRODUCTION

An increasing number of existing building structures
and bridges all over the world are in need of strengthen-
ing, retrofit, or repair due to factors such as deteriora-
tion, construction or design faults, additional load, or
functional change. Application of externally bonded
high-strength fibre reinforced polymers (FRP) has
become increasingly popular in the last decade. Their
popularity has stemmed from lower labour costs for
implementation compared to other strengthening tech-
niques such as steel plating or jacketing. The FRPs are
also resistant to corrosion and offer minimal section
enlargement. One of the largest construction markets
in the world is located in China, and the use of FRP
for strengtheneing and repair in China is becoming
widespread.

Strengthening of simply supported reinforced con-
crete (RC) beams or girders with externally bonded
FRP composites has been extensively investigated
since the early 1990s and a comprehensive review of
exiting research is given in Teng et al. (2002). There
have however been a limited number of studies on
strengthening continuous RC beams with FRP com-
posites. The few studies undertaken (i.e. Grace et al.
1999a, Grace 2001 and El-Refaie et al. 2003) have
been predominantly experimental.

The negative moment (hogging) and positive
moment (sagging) regions of four two-span continuous
T-section RC beams were strengthened with carbon
FRP (CFRP) and glass FRP (GFRP) composites by
Grace et al. (1999a). Both wet lay-up formed FRP and
pultruded FRP plates were investigated. No anchor-
age of the strengthening was provided although shear
strengthening was applied.The FRP strengthening was
found to increase the load carrying capacity, reduce
deflections, and reduce the width of cracks over that
of the control beam. Rupture, as well as debonding of
the FRP was observed.

Grace (2001) investigated the response of five RC
beams strengthened in the hogging moment region.
Simply-supported RC concrete beams, with an over-
hanging (cantilever) end, were tested with load being
applied near the free end of the beam in the over-
hanging region. Various amounts and configurations
of CFRP plates were applied to the hogging moment
region. The CFRP strengthening was found to increase
the strength and stiffness of the beams in the negative
moment region. All strengthened beams failed by sep-
aration, or debonding, of the CFRP from the concrete
as no anchorage of the CFRP plates was provided.

El-Refaie et al. (2003) reported a series of exper-
iments on eleven continuous two-span RC beams
strengthened with various CFRP schemes in the
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hogging and sagging moment regions. The CFRP
strengthening increased the strength of the RC beams,
as expected. The dominant mode of failure for
the strengthened beams was debonding, prompting
El-Refaie et al. (2003) to recognize the importance
of anchoring the CFRP in future studies to prevent
premature debonding failure.

This paper reports the results of an experimental and
analytical study on CFRP-strengthened RC continu-
ous beams. Eight two-span continuous RC beams were
tested.Two were unstrengthened control beams and six
beams were strengthened with various amounts and
arrangements of CFRP bonded onto the hogging and
sagging moment regions of the beams. End anchor-
age was also provided in order to prevent debonding
failures. The serviceability and ultimate limit state
behaviour of the beams is described as well as the fail-
ure modes. An analytical procedure is then described
which can model the load and deflection response of
FRP-strengthened continuous beams. The analytical
predictions are found to be in good agreement with
the experimental results.

2 EXPERIMENTAL PROGRAM

2.1 Details of test beams

The experimental program consisted of testing eight
1:3 scale two-span continuous RC beams (Figure 1).
All beams were nominally 5150 mm long, 150 mm
wide and 250 mm deep, with a span of 2500 mm
between supports. Reinforcement ratios along the
whole length of all beams of 1.25% for the top and
0.87% for the bottom steel were selected. Such ratios
were consistent with practical continuous beams and
correspond to two 16 mm and two 14 mm diameter
steel reinforcing bars in the top and bottom of the
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Figure 1. Test beam elevation and cross-sectional details (all dimensions in mm).

beam respectively. The number and size of reinforc-
ing bars were determined from multiplication of the
appropriate reinforcement ratio by the width, bc, and
the effective depth of the beam, d0 (d0 is the distance
from the compressive face of the section to the cen-
tre of the tension steel reinforcement). All beams were
reinforced with 8 mm diameter steel stirrups placed at
100 mm centres and proportioned to ensure 20 mm of
cover between the outside face of the beam to the out-
side of the stirrup. To prevent potential shear failure at
each support region of the beam, stirrups were placed
at 80 mm centres for a distance extending 800 mm
beyond the supports.

The eight test beams were cast in two batches. The
first batch of four beams was designated CBCF1-a
(un-strengthened control beam), CBCF1-b, CBCF1-c,
CBCF1-d, and the second batch as CBCF2-a
(un-strengthened, control beam), CBCF2-b, CBCF2-c,
CBCF2-d. Apart from the two control beams all
six remaining beams were strengthened with varying
amounts of CFRP bonded on both the top and bot-
tom faces except beam CBCF2-c. For beam CBCF2-c,
CFRP was not applied to the top face of the interior
support region intentionally in order to simulate a sit-
uation where obstructions, such as walls, could inhibit
placement. All strengthening arrangements are shown
in Figure 2 where the width of FRP is the same as the
width of the beams. To resist separation, or debonding,
of the CFRP from the concrete substrate before the ulti-
mate strength of the beam section was reached, close
looped CFRP strips (herein referred to as anchorage
hoops) were wrapped around the ends of the CFRP
as shown in Figure 2. The width of each anchorage
strip was 150 mm and the number of anchorage hoops
applied to each plate end and the number of layers of
CFRP forming each anchorage hoop are also given in
Figure 2.
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The CFRP composites were formed in a wet layup
procedure, from 0.167 mm nominally thick carbon
fibre sheets, in accordance with the manufactures
specifications.To improve the bond between the CFRP
and concrete the top few millimeters of the con-
crete substrate was removed and aggregate exposed
by sandblasting prior to application of the CFRP.

Table 1 gives the effective reinforcement ratio ρer ,
at the mid-span and interior support. The effective
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Figure 2. CFRP strengthening schemes (all dimensions in mm).

reinforcement ratio of the strengthened beams is calcu-
lated by dividing the summation of the cross-sectional
area of the tension steel reinforcement, As, and the
effective cross-sectional area of the CFRP strength-
ening, Afrp,e, by the effective cross-sectional area of
the beam (bc × de). The effective depth, de is the dis-
tance from the compressive face of the section to
the centroid of the tension steel reinforcement and
CFRP strengthening, where the centroid is a weighted
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average based on the yield strength of the steel rein-
forcement and the tensile strength of the CFRP. The
effective cross-sectional area of the CFRP, Afrp,e, is
calculated by transforming the CFRP to an equiva-
lent amount of steel based on the yield strength of
the steel and the tensile strength of the CFRP. A ten-
sile strength of 1500 MPa was initially adopted for
the CFRP in the design stage, prior to tensile tests
being undertaken. For the control test specimens with
no bonded CFRP, ρer refers to the ratio of As to the
effective cross-sectional area of the beam (bc × d0).

2.2 Load set-up and test procedure

A typical test in progress is shown in Figure 3. Each
span of each beam was simultaneously loaded by two
symmetrically placed concentrated loads at a distance
of 800 mm from the interior and exterior supports.
All beams were placed on adjustable supports and the
load was applied by hydraulic jacks.The supports were
locked in position during loading but adjusted during
pauses in the loading before cracking. All beams were
loaded in a load-controlled manner that was applied
monotonically up to failure. For the lower load lev-
els, load was applied in increments of 10 kN and held

Table 1. Effective reinforcement ratio ρer .

ρer (%)

Interior
Test support Mid-span

CBCF1-a# 1.25 0.87
CBCF1-b 1.58 1.20
CBCF1-c 2.25 1.54
CBCF1-d 2.25 1.87
CBCF2-a 1.25 0.87
CBCF2-b 1.92 1.54
CBCF2-c 1.25 1.87
CBCF2-d 2.92 2.54

# CBCF1-a = Continuous Beam, Carbon Fibre,
batch 1, beam a.

Figure 3. Test set-up.

stationary while measurements were taken and crack
patterns observed. At the higher load range, including
just prior to failure, the load increments were reduced
to 5 kN. Prior to cracking, the beam is in an elastic
state and all reactions can be calculated from elas-
tic theory using a constant beam stiffness. After each
increment of load, prior to cracking, the reaction forces
were made consistent with those determined from elas-
tic theory by altering the height of the appropriate
supports. The reason for regulating the height of the
supports arose from initial settling of the beam due to
gaps between the bottom of the beam and supports,
and the load points and the top of the beam. After the
first concrete cracks were visually observed, the sup-
ports were no longer adjusted as the beam was beyond
the elastic state and all settling was deemed to have
taken place.

2.3 Instrumentation

Vertical deflection was measured directly over each
support and beneath the middle of each span using
dial gauges. Electrical resistance strain gauges were
used to measure strain in the longitudinal tension
steel reinforcement, steel stirrups, and CFRP plates.
Strain gauges were attached on the surfaces of the top
internal steel bars and CFRP at the interior support
and the bottom steel bars and CFRP at the mid-
dle of each span. The mid-depth of one side of the
first three stirrups either side of the interior sup-
port were also strain gauged. The total load applied
to each span, P (where P is the summation of the two
point loads applied to each span), was directly read
from dial pressure meters connected to hydraulic jacks
as can be seen in Figure 3. Electronic pressure trans-
ducers were installed between the beam base and each
of the three supports to measure the reaction forces.
Crack formation was monitored for each beam and
crack widths were measured at the tension steel rein-
forcement level using a crack width micrometer with
an accuracy of 0.02 mm (1 in 50).

The load was applied slowly and monotonically, and
paused at regular intervals in order to record deflec-
tion, strain and crack width values and monitor crack
progression. To ensure each beam was in a stable state
when the load was paused and held constant, the beam
was left for three minutes prior to taking measure-
ments. No measurements were taken while load was
being applied so it was important to pause the load right
before failure to record peak measurements. This final
pause was made when it was judged the specimens
were on the verge of failure. In addition to recording
the output of all instrumentation at each load level, the
condition of the CFRP was also assessed. A simple
FRP-to-concrete bond quality test, which involved tap-
ping the CFRP with a metallic object, was undertaken
to check for CFRP debonding.A hollow tapping sound
indicated a breakdown of bond between the CFRP and
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concrete, otherwise known as debonding. The inter-
face between the CFRP and concrete was inspected by
examining the edges of the CFRP.

2.4 Material properties

The properties of each batch of concrete were deter-
mined on the day of testing the control beam for
that batch. The control beam was the first beam to
be tested in each batch and each control beam was
approximately forty-five days of age when tested. All
four beams in each batch were tested over a period of
approximately ten days and the concrete cylinder com-
pressive strength of the control beams from batches 1
and 2, each averaged from three tests, were 53 MPa
and 41 MPa respectively.

Steel reinforcing bars of 8 mm, 14 mm and 16 mm
diameter were used in all beams for the longitudinal
and shear reinforcement. Based on an average of three
specimens, the yield strength and ultimate strength
of the three different diameter bars was 294 MPa,
390 MPa, 397 MPa and 382 MPa, 560 MPa, 584 MPa
respectively.

The tensile strength and elastic modulus of the
CFRP was 3978 MPa and 235 GPa respectively. These
were obtained by averaging the results of six flat
coupon test specimens containing one layer of CFRP,
and a nominal sheet thickness of 0.167 mm.

3 EXPERIMENTAL RESULTS

A summary of the experimental results is presented
in this section while a more comprehensive review is
given in Zhang et al. (2004).

3.1 Deflection and stiffness

Figure 4 shows the load versus the greater of the
two mid-span deflections for the eight test beams.
The CFRP did not appreciably increase the stiffness
of the beam prior to concrete cracking. The stiffness
of the strengthened beams was, however, signifi-
cantly enhanced after concrete cracking, particularly
after yielding of the internal longitudinal steel bars.
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Figure 4. Load-deflection curves.

In general, and as expected, more layers of CFRP
led to a greater increase in stiffness as compared
to the unstrengthened control beams (CBCF1-a and
CBCF2-a).

The two control beams exhibited excellent ductil-
ity as evidenced by relatively long and flat peak load
plateaus due to yielding of the internal steel rein-
forcement. Ductility herein is related to the length
and flatness of the peak region of the load-deflection
curve. The beam with the least amount of strength-
ening (CBCF1-b with one layer of CFRP) deflected
the least amount out of all beams and was the least
ductile. The beam with the most amount of strength-
ening (CBCF2-d with five layers of CFRP) deflected
the greatest amount out of all the beams and while not
as ductile as the control beams, was the most ductile
of the strengthened beams. Carbon FRP is a linear-
elastic material and its inability to plastically deform
ultimately resulted in all strengthened beams being
less ductile than the control beams.

3.2 CFRP and longitudinal steel strains

The load versus CFRP strain results for each of the
strengthened beams are shown in Figure 5. Figure 5a
shows the strain result at the top face of the beam
over the interior support (hogging moment region),
while the larger of the strains on the bottom face of
each mid-span (sagging moment region) are shown in
Figure 5b. The peak strains over the interior support
are larger than the midspan strains owing to the interior
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Figure 6. Load-crack width curves.

support attracting more load. The high stress obtained
in the CFRP is attributed to the effective anchorage
system which eliminated any premature debonding of
the CFRP at the plate ends. Inspection of strain gauge
results revealed the longitudinal steel reinforcement
yielded over the interior support prior to yielding in
the mid-span region while no stirrups yielded in the
interior support region for all tests.

3.3 Crack pattern and propagation

Crack widths at the interior support and mid-span
region, at the longitudinal tensile steel level, were mea-
sured. The load versus maximum crack widths in the
hogging and sagging moment region relationships are
shown in Figures 6a and 6b respectively. The crack
widths for the strengthened beams in most cases were
less than the control beams due to restraint offered by
the CFRP.

3.4 Failure loads and modes

Table 2 gives the ultimate load, Pu for each test. The
failure mode is also given and, where relevant, the
load that CFRP debonding, Pdb, and rupture, Prup, ini-
tiated. Both control beams failed by crushing of the
compressive concrete. Various failure modes for the
strengthened beams were observed, such as rupture of
the CFRP followed by concrete crushing, and concrete
crushing without CFRP rupture. In all tests the longi-
tudinal tension steel was found to have yielded. Due

Table 2. Summary of test results.

Failure mode#

Pu Pdb Prup Interior
Test (kN) (kN) (kN)# Mid-span support

CBCF1-a 120 – – C C
CBCF1-b 145 130 140 R R
CBCF1-c 155 120 155 R R
CBCF1-d 210 140 205 R R
CBCF2-a 120 – – C C
CBCF2-b 160 130 150 PR R
CBCF2-c 190 160 180 R C
CBCF2-d 275 140 NR C, NR NR

# C = Concrete crushing, R = CFRP rupture, PR = partial
rupture across the width of CFRP, NR = no rupture of CFRP.

to sufficient anchorage measures being taken, in all
cases the CFRP did not debond at the ends but instead
debonded along the interface between the CFRP, away
from the anchorage hoops, at high load levels. Despite
debonding, the beams were still able to resist addi-
tional load as the anchorage hoops enabled the load
to be transferred between the concrete substrate and
the CFRP. No significant degradation of any of the
anchorage hoops (regardless of the number of layers
of CFRP used to form the hoop) was observed and as a
result all hoops were considered effective in eliminat-
ing plate end debonding in all tests. As the anchorage
hoops are not the main focus of this paper, they will
not be further discussed. Test CBCF2-d was strength-
ened with the most amount of CFRP and was in turn
the only strengthened beam to fail by concrete crush-
ing. The CFRP essentially over-reinforced the section
enabling the compressive capacity of the concrete to
be reached prior to the tensile capacity of the CFRP
being reached.

3.5 Ductility and deformability

Energy methods have been found to be give a better
measure of ductility in FRP-strengthened RC beams,
as opposed to traditionally used deformation based
methods for plain RC beams (e.g. Grace et al. 1999b).

In this paper the ductility of the beams is evalu-
ated by a newly proposed ductility index β based on
energy considerations. The ductility index β is defined
as the ratio of the plastic energy stored in the speci-
men during the entire loading process area, Aplt , to the
total absorbed energy, Aall . The quantity Aplt is calcu-
lated from the load versus mid-span deflection curves
(Figure 4) and is defined as the area surrounded by
the load-deflection curve, the horizontal axis and an
unloading line. This unloading line commences from
the end of the load-deflection curve, terminates where
it bisects the horizontal axis, and its slope is equal to the

132



Table 3. Ductility class.

Aplt Aall Ductility
Test (mm2) (mm2) β class

CBCF1-a 4323 5319 0.81 Ductile
CBCF1-b 380.2 1176 0.32 Brittle
CBCF1-c 3148 4441 0.71 Ductile
CBCF1-d 2804 4870 0.58 Semi-ductile
CBCF2-a 2758 3485 0.79 Ductile
CBCF2-b 3097 4350 0.71 Ductile
CBCF2-c 4107 6033 0.68 Semi-ductile
CBCF2-d 7792 11150 0.70 Ductile

slope of a line extending from the origin to a point on
the load-deflection curve corresponding to first yield
of the internal tension steel reinforcement. The quan-
tity Aall represents the total energy absorbed by the
beam. It is the total area under the load-deflection
curve and considers elastic and plastic deformation.
A summary of β as well as the quantities Aplt and Aall
for each beam test are given in Table 3.

Based on the ductility index β for each beam, duc-
tility is classified in three categories, namely ductile
(β ≥ 0.70), semi-ductile (0.5 ≥ β < 0.70), and brittle
(β < 0.50). Such classification concept was adopted
by Grace et al. (1998) for concrete beams reinforced
with FRP reinforcing bars although different limits
were applied. A summary of the ductility classifica-
tion for each test beam is given in Table 3. The control
beams are the most ductile and the beam strengthened
with the least amount of CFRP, CBCF1-b, is the least
ductile as it failed by CFRP rupture before adequate
ductility had been displayed.

4 THEORETICAL STUDY

Internal forces are easily determined in statically
determinate structures (e.g. simply supported beams).
Determination of internal forces in continuous beams
are however more complicated. In both determinate
and indeterminate beams the stiffness of the cross-
section will affect the internal forces and the stiffness is
dependent on factors such as concrete tensile strength,
steel yield, and in the current study the amount of
CFRP strengthening. An analysis of internal forces
in both determinate and indeterminate beams must
therefore consider the change of sectional stiffness,
with respect to the load level, along the length of the
member.

Redistribution of internal stresses in a continu-
ous beam occurs providing enough rotational capacity
exists at important regions of the beam such as at
the interior support and the middle of the spans. In
plain RC beams sufficient rotation normally exists,
provided the reinforcing steel has adequate elongation

capacity. When CFRP strengthening is applied the
rotational capacity may be limited by the low elonga-
tion capacity and brittleness of the CFRP. The CFRP
strengthening may well rupture before sufficient sec-
tion rotation and redistribution of internal stresses has
taken place. As a result, a pseudo plastic hinge concept
is proposed herein. As opposed to plain RC beams, the
load carrying capacity in FRP strengthened beams can
still increase once the steel reinforcement has yielded.
Limited internal stress redistribution can occur in FRP-
strengthened RC beams despite their reduced ductility
over that of plain RC beams without FRP strengthening
(Zhang et al. 2004).

4.1 Analytical model

A key assumption in evaluating the flexural capacity
of FRP-strengthened RC beams is that plane sections
remain plane and a detailed description of the calcu-
lation procedure is given in Teng et al. (2002). Based
on this assumption an analytical model to determine
the moment distribution in statically indeterminate
CFRP strengthened RC beams that incorporates FRP
brittleness is now summarised.

The hogging moment, Ms, over the interior sup-
port is

where P is the total applied load on each span, and
L0 is the span between support points. The moment
coefficient, αs, is equal to

where Bm and Bs represent the stiffnesses in the sag-
ging and hogging moment regions respectively. The
stiffnesses represent either a cracked or uncracked
section, are a function of the applied load (moment),
and are constant along the entire sagging or hogging
moment region of the beam respectively and that par-
ticular load level. The stiffness, B, (otherwise known
as Bm and Bs) can be calculated as follows for an
uncracked section (GB50010 2002)

and a cracked section

where Ec and Es are the elastic moduli of the con-
crete and steel reinforcement (MPa) respectively,
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I0 is the uncracked second moment of area trans-
formed to concrete (mm4), As the cross-sectional area
of tension steel reinforcement (mm2), Afrp,e the equiv-
alent cross-sectional area of CFRP (mm2), ψ the stress
deviation coefficient of steel bars, αE = Es/Ec, and ρ
and ρ′ the ratio of the cross-sectional area of the ten-
sion steel reinforcement to CFRP, and the compression
steel reinforcement to CFRP respectively. The equiv-
alent cross-sectional area, Afrp,e, is calculated from
Afrpσfrp,u/fy where σfrp,u is the stress in the CFRP at
ultimate load and can be computed from a sectional
analysis described in Teng et al. (2002), Afrp is the
cross-sectional area of the CFRP and fy the yield
strength of the steel reinforcement.

The reaction of the external support, R1, is

The moment m1, located directly beneath the load
point nearer to an external support, is given by

Since the stiffnesses Bm and Bs vary with the applied
load, the internal moment Ms and Mm1 and the reac-
tion R1 at load P are determined by accumulation of
increments of the corresponding moment 	Ms, 	Mm1

and 	R1 under various loading increments 	P from
the onset of loading to the computed load level P. For
each increment of hogging moment 	Ms, the quan-
tities 	Mm1 and 	R1 are determined by substituting
an appropriate value of 	P into Equations 1, 5 and 6.
The mid-span deflection increment 	fm of the speci-
mens under a load increment 	P can be found by the
following expression

where 	M is the incremental moment due to 	P, and
M the moment due to a unit load acting on the mid-
span of the beam. The total deflection fm at load P can
be found by summing all 	fm.

4.2 Comparison between analytical and
experimental results

Due to space restrictions, only the analytical predic-
tions of deflection as well as hogging and sagging
moments are presented in Figures 7 and 8 respectively
for the most heavily strengthened beam (test CBCF2-
d). The analytical predictions and comparison with
experimental results for the remainder of the tests are
given in Zhang et al. (2004).
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Figure 8. Load-moment curves: test and prediction.

Generally there is a very good correlation between
the experimental and predicted load-deflection
response in Figure 7. The correlation between exper-
imental and predicted load-moment relationships in
Figure 8 is generally reasonable but not as good as
the load-deflection results. Predictions in Figure 8 are
generally more conservative than the test result. On
the whole the analytical model is accurate and can
therefore be used with confidence.

5 CONCLUSIONS

Tests on eight two-span continuous CFRP strength-
ened RC beams have been reported. Substantial
strength gains were found for CFRP strengthened
beams compared to the unstrengthened control beams.
The amount of strength enhancement increased with
the amount of CFRP applied. To prevent premature
failure by separation of the FRP from the beam face,
strips of CFRP, known as anchorage hoops, were
wrapped around the end regions of the CFRP. These
anchorage hoops were effective and ensured the CFRP
carried substantial stress.The longitudinal CFRP com-
posites restrained the opening of cracks thus enhancing
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serviceability. The strengthened beams also generally
exhibited ductility, considering the brittleness of the
failure mode which was by CFRP rupture or con-
crete crushing. A relatively simple analytical solution
was proposed and the analytical predictions generally
correlated well with the experimental results.
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Strengthening efficiency of RC beams with externally bonded
carbon fibre and glass fibre sheets

G.J. Xiong, X. Jiang & J. Liu
Dept. of Civil Eng., Shantou Univ., Shantou, P.R. China

ABSTRACT: In order to increase strengthening efficiency, a method to strengthen reinforced concrete beams
by combining unidirectional carbon fibre reinforced polymer (CFRP) sheet (to bond to the tension faces of
the beams) and bi-directional glass fibre reinforced polymer (GFRP) sheet (to wrap 3 sides of the beams
continuously) was put forward. A comparative test program including ten beams was carried out. The test results
showed that under the premise of preventing the tension delamination of the bottom concrete cover, the hybrid
CF/GF reinforced polymer (H-CF/GF-RP) strengthening led to a significant increase of deformation capacity
of the strengthened beams at a very low cost compared to CFRP strengthening. The stiffness of H-CF/GF-RP
strengthened beams is similar to that of CFRP strengthened ones.

1 INSTRUCTION

Carbon fibre reinforced polymer (CFRP) strengthened
reinforced concrete (RC) beams may fail due to peel-
ing off of the bottom concrete cover along the level of
the longitudinal steel reinforcement. This kind of fail-
ure is considered undesirable because the full strength
of the CFRP is not utilized. The cover tension delami-
nation may be delayed, or prevented in some cases, by
wrapping spaced CFRP transverse strips (“U-strips”)
around three sides of strengthened concrete beams
(Brena et al. 2003, Spadea et al 1998). It was reported
that full CFRP sheet wrap (3-side U-wrap) continu-
ously along the beam span clearly provided a greater
amount of anchorage and confinement action to elimi-
nate the delamination (Shahawy et al. 2001). However,
the displacement levels of CFRP strengthened beams
failed in tension by rupture of the CFRP were still con-
siderable lower than those of the control beams (Brena
et al. 2003, Shahawy et al. 2001, Spadea et al. 1998),
and the strengthening cost increased greatly. It should
be noted that because the cover tension delamination
may be prevented in most cases by adding spaced
three-sided FRP strips at the ends of CFRP sheets and
the span (Brena et al. 2003, Spadea et al. 1998), it can
be inferred that the peeling stress value is not high. In
the light of this the authors put forward a method to
use bi-directional GFRP sheet/sheets to continuously
wrap concrete beams. It is to be hoped that the rel-
atively weak transverse direction of the GFRP may
prevent bottom concrete cover from peeling off, and
the relatively strong longitudinal direction may make

a noticeable contribution for increasing deformation
capacity of strengthened concrete beams because glass
fibre (GF) has a much larger elongation (3∼5.4%) than
CF (1∼1.5%) (ACI-440 2000).

According to the research results of FRP, when GF
and CF hybridise together the GF with a higher elon-
gation will bear the extra load due to the fracture of
CF, retarding the progress of fracture of CFs, lead-
ing to a significant increase of average elongation,
and in some cases, a bilinear “ductile” stress–strain
behaviour of the FRP at a lower cost (Qiao 1997).
Hybrid fibre-reinforced polymer (HFRP), therefore,
is thought to be developing direction in the 21th cen-
tury. The authors also take the view that because the
durability of FRP mainly depends on polymer (similar
to that concrete protects steel), H-CF/GF-RP may be
as durable as CFRP.

2 EXPERIMENTAL PROGRAM

2.1 Materials

The composition of the concrete mixes was 0.44:1:
1.50:2.41(water:ordinary portland cement:sand:stone).
The 28-day concrete strength was 40.1 MPa. 10 mm
and 12 mm diameter deformed steel bars were used
as main reinforcement. The yield strength and elastic
modulus of the 10 mm diameter bars were 411 MPa
and 200 GPa respectively. The yield strength and elas-
tic modulus for the 12 mm diameter bars were 606 MPa
and 210 GPa respectively. 8 mm diameter steel bars
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Table 1. Mechanical properties of different FRP laminates.

FRP Tensile Elastic
name Composites types strength (MPa) modulus (GPa) Elongation (%)

2CF Two layers of 100 mm wide CF 1823 180.5 1.01
1GFt One layer of 100 mm GF(transverse direction) 104 7.22 1.44
1CF/2GF One layer of 100 mm CF and two layers of 125 mm 528 34.5 1.53

GF (longitudinal direction)

with a yield strength of 233 MPa and an elastic modu-
lus of 210 GPa were used as stirrups and maintain bars.

The thickness and price of the CF sheet con-
taining unidirectional fibres only were 0.11 mm and
US$ 20/m2 respectively. The thickness and price of
the GF sheet containing bi-directional fibres were
0.53 mm and US$ 0.8/m2 respectively. The volume
ratio between longitudinal fibres and transverse fibres
of the GF sheet was 4:1. The fibre characteristics
were supplied by the manufacturer, the tensile strength,
modulus and elongation of the CF were 3652 MPa,
252 GPa and 1.5% respectively; the tensile strength,
modulus and elongation of the GF were 1280 MPa,
42.8 GPa and 3% respectively. Because the fibre char-
acteristics are normally much higher than those of the
final composite products (Brena et al. 2003, Okeil
et al. 2001) the mechanical properties of FRP lami-
nates designed and used in this research were tested
by the authors and are listed in Table 1.

2.2 Specimen preparation

tiffEquation-II/SE98E.2 Ten rectangular beams were
cast with dimensions of 125×200 mm in cross section
and 2300 mm in length.As shown in Fig. 1 andTable 2,
two 10 mm diameter deformed steel bars were used as
bottom bars for Pa and all strengthened beams giving
a reinforcement ratio of 0.74%. Two 12 mm diameter
steel bars were used as bottom bars for Pb beam giv-
ing a reinforcement ratio of 1.07%. Stirrups of 8 mm
diameter, at a spacing of 150 mm or 200 mm, were
used throughout the length of the ten beams. All of
beams were wet-cured by covering with wet burlap for
28days, and then, exposed in outdoor environment up
to 6 months before testing.

The process of applying fibre sheet to concrete
involved surface preparation, priming, resin under-
coating, fibre sheet application, resin overcoating and
curing with a reference to ACI-440 (2000).

Two types of strengthening, as shown in Fig. 1 and
Table 2, were adopted. 2C, U2C and F2C employed CF
sheet only, and U1C2G as well as F1C/2G employed
both CF sheet and GF sheet simultaneously. Con-
tinuous GFRP L-wraps were used for strengthening
F1C/2G beams. The use of L-wraps (instead of U-
wrap) was for more convenient installation and better
bond quality. Two F2C beams and two F1C/2G beams
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Figure 1. Layouts of FRP materials of strengthened beams.

were made in order to understand their behaviour
better.

The authors take the view that if the ultimate
moment capacities of strengthened beams were close
to that of the control beam, the comparison of dis-
placement ratios (fracture deflection / yield deflection)
of the two kinds of beams would be more rational,
and therefore, two un-strengthened beams (Pa and Pb)
with different steel reinforcement ratios were made as
control beams. All strengthened beams had the same
steel reinforcement ratio as Pa beam. The estimated
moment capacities of the most of strengthened beams
were close to that of Pb beam.

2.3 Loading methods and measurements

All beams were tested as simply supported beams
under four-point loading, over a effective span of
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Table 2. Details of tested beams.

Beam Strengthening
name Strengthening type cost ($)*

Pa Control –

2C Two layers of 100 mm wide CF 12

U2C Two layers of 100 mm wide CF 19.9
with end U-strips

F2 C (1) Two layers of 100 mm wide CF 43.5
F2 C (1) with continuous CFRP U-wrap

U1C/2G(1) One layer of 100 mm wide CF+ 19.3
U1C/2G(2) two layers of 125 mm wide GF

with end U-strips

F1C/2G(1) One layer of 100 mm wide CF+ 20
F1C/2G(2) two continuous GF L-wraps

Pb Control –

* Cost included materials, equipment and labor in China.

2100 mm, with the loads applied at 350 mm on either
side of the midspan as shown in Fig. 1.

The following measurements were taken: (1)
midspan deflection, using dial gauges of least count
0.01 mm; (2) concrete, steel bars and fibre sheet strains
at midspan, using electrical-resistance strain gauges.
The tests were performed by using load control before
load reaching 40 kN, and followed by using displace-
ment control in order to observe the later stage of the
load-deflection curve better. The applied loads were
monitored through a high-accuracy load cell with a
load sensitivity of 0.1 kN. All of the measurements
were automatically recorded through a data logger.

3 RESULTS AND DISCUSSION

3.1 Failure mode

The 2C beam failed in the end cover peeling off.
Every specimen with end CFRP U-strips exhibited
a strengthening failure mode of mid-span cover ten-
sion delamination. The strengthening-failure of every
beam with three-sided continuous FRP wrap/wraps
was marked by the fracture of the bottom FRP at mid-
span. At this stage, though the internal tension steel
had yielded as well on every strengthened beam the
strain in the compression portion of the concrete never
reached the crushing stage for any strengthened beams.
This failure mode was also observed by shahawy et al
(2001). It should be noted that the cover delamination
at beam ends did not occur either for F1C/2G beams.
Because the possibility of the cover delamination at
beam ends is much higher than that at mid-span, it
can be concluded that bi-directional GFRP L-wraps
are reliable to prevent mid-span delamination.

Table 3. Test and calculation results of beams.

Relative load
Fracture capacity*/

Tested FRP deflection relative
fracture load/ (mm)/ deformation
calculated fracture capacity**/

Beam FRP fracture FRP strain displacement
name load (kN) (%) ratio***

Pa 29.38/29.57 46.40/– 1/1/14.2
2C 45.50/54.90 16.1/0.55 1.55/0.347/2.78
U2C 44.70/54.90 22.2/0.59 1.52/0.478/4.19
F2 C (1) 54.70/54.90 24.32/0.95 1.86/0.524/3.43
F2 C (2) 52.40/54.90 22.3/0.87 1.78/0.481/3.48
U1C/2G(1) 66.30/70.43 29.58/0.91 2.26/0.638/4.20
U1C/2G(2) 63.03/70.43 32.52/0.87 2.15/0.701/4.94
F1C/2G(1) 70.68/70.43 32.64/1.40 2.41/0.703/4.89
F1C/2G(2) 68.3/70.43 38.0/1.28 2.32/0.819/5.47
Pb 58.30/58.16 48.81/– 1.98/1.052/6.96

* Relative load capacity – (fracture load of each beam) ÷
(fracture load of beam Pa).
** Relative deformation capacity – (fracture deflection of
each beam) ÷ (fracture deflection of beam Pa).
*** Displacement ratio – (fracture deflection) ÷ (yield
deflection) for each beam.

Figure 2. Load-midspan deflection curves for all
specimens.

3.2 Strengthening-failure-load and
deflection capacity

The load and deflection as well as FRP strain cor-
responding to strengthening-failure load for every
specimen are listed in Table 3. The load-deflection
curves of all specimens are shown in Fig. 2. The
strengthening-failure-loads of F2C and F1C/2G beams
were about 82% and 137% higher than the ultimate
load of control beam Pa respectively.

The fracture deflections of F1C/2G beams were
about 52% higher than those of F2C beams, and the
corresponding composite fracture strains of the form-
ers were about 47% higher than those of the latters. It
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Figure 3. Sketch for calculating fibre-fracture moment.

should be noted that the fracture deflections of the
H-CF/GF-RP and CFRP strengthening beams were
about 28% and 52% lower than that of control beam Pb
respectively; the displacement ratios of the two kinds
of strengthened beams were about 26% and 50% lower
than that of beam Pb respectively.

3.3 Calculation of strengthening-failure moment

The strain distribution of the all beams accorded with
the plane deformation assumption before and after
steel yielding. Though the strain in the compression
portion of the concrete never reached the crushing
stage for any strengthened beam the strengthening-
failure moment can still be approximately calculated
by the Equation 1 below (Ross et al. 1999):

As shown in Fig. 3, where Mu = strengthening
failure (fibre sheet fracture) moment of beam;
fy = yield strength of steel bars; As = area of steel
bars; βc = 1/2 depth of compression zone of RC
beam; fF = strength of fibre sheet(s); AF = area of
fibre sheet(s); d = effective depth of RC beam; and
h = depth of RC beam.

From Table 3 it can be seen that the calculation has
a good agreement with test results.

3.4 Comparison of strengthening efficiency

As shown in Table 3 and Fig. 2, the fracture deflection
and failure load of F1C/2G beams were about 48% and
30% higher than those of F2C beams. The stiffness
of F1C/2G beams was similar to that of F2C beams.
The strengthening cost of H-CF/GF-RP strengthened
beams was 54% lower than that of CFRP strengthened
beams (Table 2).

4 CONCLUSIONS

The cover tension delamination may be prevented in
some cases by wrapping spaced CFRP U-strips on
strengthened concrete beams. The delamination may
be eliminated by using CFRP U-wrap continuously
along the beam span. However, the displacement lev-
els of CFRP strengthened beams failed in tension by
rupture of the CFRP were still considerable lower
than those of the control beams. Under the premise of
eliminating cover tension delamination, H-CF/GF-RP
strengthening can obtain both a significant increase
of deformation capacity and a remarkable increase of
load carrying capacity at a very low strengthening cost.
The stiffness of H-CF/GF-RP strengthened beams is
similar to that of CFRP strengthened beams.Within the
indicated scope of this study, the particular conclusions
may be summarized as follows:

1. The fracture load, deflection and strengthening cost
of H-CF/GF-RP strengthening beams were about
30% higher, 48% higher and 54% lower than those
of CFRP strengthening beams.

2. The deformation capacities of H-CF/GF-RP and
CFRP strengthening beams were about 28% and
52% lower than that of control beam respectively.
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ABSTRACT: An overview of some current developments in the FRP research in Italy is attempted, with
the awareness that it can be neither exhaustive nor detailed. A deeper attention is devoted to one of the major
recent achievements, that is, a pre-normative document regarding FRP strengthening, recently issued in Italy
under the auspices of the National Research Council. This document stems from a nationwide effort that has
brought together the competences and the experiences of almost all professors and researchers involved in this
emerging and promising field, from 15 universities, of the technical managers of major production and application
companies, and of the representatives of public and private companies that use FRP for strengthening artefacts.
In a sense, it represents the synthesis of all researches carried out in Italy in the last ten years.

1 INTRODUCTION

The unique situation of Italy for as regards the preser-
vation of existing constructions is the result of the
combination of two aspects: the medium-high seismic
hazard over a large portion of territory – as testified
by the recent seismic zonation that set the highest
expected PGA at 0.35 g for a 475 years return period –
and the extreme complexity of a built environment that
has no comparison in the world.

Construction typologies in Italy span from those
reckoned as historical heritage – which in some cases
dates back to some 2000 years ago – to those built in the
last five centuries, during and after Renaissance, which
are considered as cultural and architectural heritage of
Italy (and the world’s!), to finally those made in more
recent times, notably during and after the economic
boom of the 1960ies, and now rapidly obsolescing.
The two former categories are largely composed of
masonry buildings, while to the latter mainly belong
reinforced concrete constructions.

This has motivated the growth of two clearly dis-
tinct fields of research and application for FRP: one
for (old) masonry and one for (relatively recent)
reinforced concrete constructions.

It goes without saying that for the historical, cultural
and architectural heritage, the issue of structural safety
is only a portion of the wider concepts of restoration,
preservation and conservation. In this respect, it should
be underlined that, in most cases, these concepts do not
allow a systematic use of innovative materials, such as
FRP, for strengthening purposes, unless it is demon-
strated that they comply with somewhat strict require-
ments regarding formal and material compatibility.

These essential considerations have so complex
and articulated implications that they deserve deeper
considerations in the following section 2.6, where an
attempt is made to describe the philosophical and
methodological bases of preservation of historical con-
struction in Italy and the constraints posed to the use
of FRP in this field.

With the distinction in the two above described main
fields of research on FRP, namely, masonry and rein-
forced concrete, the first studies have started towards
the beginning of the 90ies by some pioneering groups
that were striving at finding innovative solutions for
increasing the safety of existing constructions, that
could compete with the more developed and applied
ones of concrete jacketing, steel plating, base isolation,
and dissipative bracings.

In ten years the interest has spread so widely and
rapidly that now FRP has become one of the most
active and prolific research fields throughout the
Country. In the last three years, ten interuniversity
research projects have been funded on a 3-year basis
by the Ministry of Scientific Research as deemed of
national interest, gathering more than 20 different uni-
versities nationwide to collaborate on the most diverse
FRP-related topics.

As a consequence to this intense commitment, a
series of remarkable outcomes also resulted at the
European level, thus confirming the European voca-
tion of Italy, with at least ten universities constantly
involved in European initiatives dealing with FRP,
from both the research and the educational standpoint.

One such example is the recently started ENCORE
joint program under the 6th Framework Program of the
EU, where two major Italian universities participate
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under the coordination of the University of Sheffield,
with the objective of providing a bridge among the
three sectors of material science, construction and
academic research on FRP so to accelerate the indus-
trial adoption of new materials, by means of training
activities, dissemination of results and knowledge
transfer throughout Europe.

Another notable recent achievement in Europe is
the fib Bulletin no. 14, ‘Design and Use of Externally
Bonded FRP Reinforcement (FRP EBR) for Rein-
forced Concrete Structures’, issued in 2001 as the
result of the activity of the fib Task Group 9.3 ‘FRP
Reinforcement for Concrete Structures’, to which the
Italian delegates have offered a valuable contribution,
especially in the chapter devoted to confinement.

Finally, the most important testimony of the intense
activity in Italy in the field of FRP is the recently
issued pre-normative document CNR-DT 200/2004:
‘Instructions for Design, Execution and Control
of Strengthening Interventions by Means of Fibre-
reinforced Composites’(2004), under the coordination
of prof. Luigi Ascione and under the auspices of the
Research National Council (CNR).

This document, described in more details in sec-
tion 2, sets for the first time in Italy some standards for
production, design and application of FRP in construc-
tions that were dramatically needed in a continuously
growing (and, sometimes, unruly) market. It is also
conceived with an informative and educational spirit,
which is crucial for the dissemination, in the profes-
sional sphere, of the mechanical and technological
knowledge needed for an aware and competent use
of such materials.

The document is the result of a remarkable joint
effort of almost all professors and researchers involved
in this emerging and promising field, from 15 univer-
sities, of the technical managers of major production
and application companies, and of the representatives
of public and private companies that use FRP for
strengthening artefacts.

Thus, the resulting FRP code naturally encompasses
all the experience and knowledge gained in ten years of
countless studies, researches and applications of FRP
in Italy.

2 THE NEW FRP CODE IN ITALY

The pre-normative document CNR-DT 200/2004:
‘Instructions for Design, Execution and Control
of Strengthening Interventions by Means of Fibre-
reinforced Composites’ (2004) is composed of the
following chapters:

– Materials (with Annex),
– Basic concepts of FRP strengthening and special

problems,

– Strengthening of reinforced concrete and pre-
stressed concrete structures,

– Strengthening of masonry structures.

2.1 Materials

The chapter on Materials has a prevailing informative
character and contains the fundamental information to
obtain a basic knowledge on the composite materials,
on their components (fibres, matrices, and adhesives)
and of their physical and mechanical properties. It
also includes an Annex describing the most usual pro-
duction techniques and some basic notions on the
mechanical behaviour of composites.

The most notable aspect is that a possible classi-
fication of composites usually adopted for structural
strengthening is proposed, and some appropriate cri-
teria for products qualification and acceptance are
introduced.

This chapter was based on the studies carried out at
the Polytechnics of Milan.

2.2 Basic concepts

It is stated that the design of the FRP strengthen-
ing intervention must meet with the requirements of
strength, serviceability and durability. In case of fire,
the strengthening resistance must be adequate to the
prescribed exposure time.

The design working life of the strengthened struc-
ture is taken equal to that of new structures. This
implies that the design actions to be considered
are those of the current design codes for new
constructions.

The safety verifications are performed for both the
serviceability and the ultimate limit states. The for-
mat is that of the partial factor method. The design
properties of both the materials and the products are
obtained from the characteristic values, divided by the
appropriate partial factor.

A rather innovative point (following the indications
of Eurocode 0) is that the design properties Xd of
the existing materials in the structure to be strength-
ened are obtained as function of the number of tests
performed to acquire information on them:

where η is a conversion factor, lower than 1, accounting
for special design problems (related to environmental
conditions and long duration phenomena), γm is the
material partial factor, mX is the mean value of the
property X resulting from the number n of tests,
the value kn is given as function of the number n and
the coefficient of variation VX is supposed known.This
latter can be assumed equal to 0.10 for steel, to 0.20
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for concrete and to 0.30 for masonry and timber. The
partial factor γm for FRP for the ultimate limit state
verifications is taken as 1.20 under quality control and
as 1.30 in other situations.

The design capacity is given as:

where R{·} is the function describing the relevant
mechanical model considered (e.g., flexure, shear,
anchorage, etc.) and γRd is a partial coefficient
accounting for the uncertainties in the above capac-
ity model (equal to 1.20 or 1.35 for anchorage, to 1.10
or 1.20 for shear, depending on whether quality is con-
trolled or not); the function arguments are, in general, a
set of mechanical and geometrical properties, of which
Xd,i and ad,i are, respectively, the design value and the
nominal value of the i-th quantity.

An essential and innovative aspect is related to
the safety verifications in the presence of fire. It is
suggested that the load combination for exceptional
situations, where Ed is the design value of the indi-
rect thermal action due to fire, refer to the following
situations:

– Exceptional event in the presence of strengthening
(with Ed ), in case the strengthening was designed
for a predefined fire exposure time. In this case,
the service actions of the frequent combination are
to be considered. The elements capacity, appropri-
ately reduced to account for the fire exposure time,
should be computed with the partial coefficients
relevant to the exceptional situations;

– After the exceptional event (without Ed ), in the
absence of strengthening. In this case, the service
actions of the quasi-permanent combination are to
be considered. The elements capacity, appropri-
ately reduced to account for the fire exposure time,
should be computed with the partial coefficients
relevant to the service situations.

The Universities of Rome and Naples collaborated
to writing this chapter.

2.3 Reinforced concrete structures

Anchorages. The optimal anchorage length is given
as (units in mm):

where Ef and tf are, respectively, the modulus and the
thickness of FRP, and fctm is the concrete mean tensile
strength. The design debonding strength is:

d2

d1 tf

As2

As1

d
h

b Af

bf

Figure 1. Notation for flexural strengthening.

where kc = 2/3 for uneven surfaces, 1 otherwise,
kcr = 5 in cracked concrete zones, 1 otherwise, kb is a
scale/covering coefficient ≥1, γc is the concrete partial
factor, and fck is the concrete characteristic strength.

The main contribution to this chapter came from
the Universities of Bologna and Naples that are very
active in the study of FRP anchorages behavior.

Flexure. The flexural capacity is attained when
either the concrete compressive strain reaches its ulti-
mate value or when the FRP tensile strain reaches its
ultimate value εfd = min (ηaεfu/γf , fffd/Ef ) where the
first value corresponds to failure and the second to
debonding as previously defined.The flexural capacity
is then given as (notation in Figure 1):

where the neutral axis x is found by solving:

in whichψ andλ are non-dimensional coefficients rep-
resenting, respectively, the intensity and the position
of the compressive concrete resultant. However, the
strengthened capacity cannot be considered as greater
than twice the initial capacity.

This chapter resulted from the studies, both analyti-
cal and experimental, conducted at the Universities of
Sannio and Chieti.

Shear and Torsion. Shear strengthening configura-
tions can be in the form of side bonded, U-jacketed and
wrapped FRP strips/sheets. The design shear strength
of the strengthened element is given as:

where VRd,ct , VRd,s and VRd,f are the concrete, trans-
verse steel and FRP contribution, respectively, while
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Figure 2. Notation for shear strengthening.

VRd,max is the shear producing collapse in the com-
pressed diagonal concrete strut. The two coefficients
φ account for the reduced contributions of concrete
and steel when FRP debonds and depend on both
the strengthening configuration and the ratio between
transverse steel and FRP.

The FRP contribution to the overall strength is given
based on the chosen strengthening configuration. For
side bonding (with notation in Figure 2):

while for U-jacketing and wrapping:

where ffed , termed effective debonding strength, is
given, in the case of side bonding, as:

with:

while, in the case of U-jacketing and wrapping,
respectively, it is given by:

where ffd is the FRP design strength, and:

is a coefficient depending on the rounding radius R
with respect to the beam web width bw.

For as regards strengthening in torsion, this is
obtained through the application of wrapping strips/
sheets at an angle of 90◦ to the element axis. The
design torsional strength of the strengthened element
is given as:

where TRd,s and TRd,f are the transverse steel and
FRP contribution, respectively, while TRd,max is the
torque producing collapse in the compressed diago-
nal concrete strut. The coefficient φ accounts for the
reduced contributions of steel when FRP debonds and
depends on both the strengthening configuration and
the ratio between transverse steel and FRP. The FRP
contribution to the torsional strength is given as:

where ffed is given by (15).
Experimental and analytical studies conducted at

the Universities of Rome and Cassino established the
basis for this chapter.

Confinement. This aims both at increasing the ulti-
mate strength in elements under axial load, and the
ductility in FRP-confined elements under axial load
and flexure. In case of elements with circular cross sec-
tion of diameter D, the confined/unconfined concrete
strength ratio is:

while the ultimate concrete strain is:

where both depend on the confinement pressure
exerted by the FRP sheet, given as:

where εfd,rid = 0.004 is the FRP conventional ultimate
strain, corresponding to an unacceptable degradation
of concrete. However, the strengthened capacity can-
not be considered as greater than twice the initial
capacity.
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For the case of rectangular sections with dimensions
b × d, with corners rounded with a radius rc ≥ 20 mm,
the confining pressure exerted by an FRP wrapping
can be computed by:

where ks is an appropriate shape factor defined as:

For as regards the ductility increase, the sectional
ultimate curvature can be evaluated by adopting the
classical parabola-rectangle law for concrete, with the
ultimate concrete strain given by:

where the FRP/concrete ratio ρf is given by 4tf/D for
circular sections and by 2tf /max(b, d) for rectangu-
lar ones.

The chapter of confinement resulted form the joint
collaboration between the Universities of Salerno
and Roma.

2.4 Masonry structures

The application of FRP on masonry walls has the pri-
mary aim of increasing their strength and, secondarily,
of increasing their collapse displacements. The objec-
tives of FRP strengthening in masonry structures are:
a) transmission of stresses either within the structural
elements or between adjacent elements, b) connection
between elements, c) inplane stiffening of slabs, d)
limitation of cracks width, e) confinement of columns
in order to increase their strength.

It is again underlined that the choice of the strength-
ening FRP material should avoid any incompatibility,
both physical and chemical, with the existing masonry.

The strengthening intervention can include: a)
increase of strength in walls, arches or vaults, b)
confinement of columns, c) reducing the thrust of
thrusting elements, d) transformation of non structural
elements into structural elements, e) stiffening of hor-
izontal slabs, f) application of chains in the building
at the slabs and roof levels.

The masonry walls can be FRP-strengthened to pre-
vent the out-of-plane collapse modes due to: overturn-
ing, vertical flexure, and horizontal flexure (Figure 3).

In these cases, the design of the FRP strengthen-
ing is performed through simple equilibrium between
the acting forces and the resisting force of FRP strips
located on top of the wall to restrain its rotation.

Figure 3. Collapse modes of masonry walls: overturning
(left) and horizontal flexure (right).

Figure 4. FRP strengthening of a masonry barrel vault.

For as regards the in-plane collapse modes, these
are due to: flexure, shear. The wall shear strength is
given by the sum of the masonry and the FRP shear
strengths:

where Vsh,m = d t fvk/γm and:

where d = steel depth (if any), t = wall thickness,
fvk = characteristic shear strength of masonry, Afw =
FRP strip area, sf = FRP strip spacing, ffd = FRP
design strength, α = FRP angle to the shear force
direction.

When strengthening elements with either single
(barrel vaults, in Figure 4) or double (groin and cross
vaults, in Figure 5) curvature, the FRP strips should
contrast the relative rotation at the hinge zones that
develop where the limited tensile strength of masonry
is attained. Thus, application of FRP strips over the
outer (inner) surface of the vault thickness can pre-
vent formation of hinges on the opposite inner (outer)
surface.

The FRP-strengthening of arches includes two pos-
sible structural schemes: a) arch on fixed restraints,
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Figure 5. FRP strengthening of a masonry cross vault.

Figure 6. FRP strengthening of a masonry dome.

b) arch supported by columns. The aim is to avoid for-
mation of four hinges, which would imply collapse.
The FRP-strengthening is applied on either (prefer-
ably) the outer or the inner surface, in the form of
fabrics that adapt better to curved shape than prefab
strips.

The FRP-strengthening of domes should increase
the capacity of both the membrane and the flexural
regimes. For the former, FRP strips should be applied
circumferentially around the dome base (Figure 6),
while for the latter, FRP strips should be applied along
the meridians.

The load bearing capacity of masonry columns can
be increased by confining them through FRP. The con-
fined strength (which cannot be taken as greater than
1.5 the initial strength) can be computed as:

where fmk is the unconfined masonry compressive
strength. The confining pressure fl is evaluated as:

where Ef = FRP modulus, εf,lim = 0.004, and:

is the FRP strengthening ratio, with tf bf being the area
of each confining strip, b, d the masonry cross section
dimensions, and sf the strip spacing. The coefficients
in the formula are:

with the masonry mass density gm in kg/m3, while:

where rc is the corners rounding radius.
The universities involved in studies related to this

topic are those of Bologna, Cassino, Florence, Naples,
Padua, Pavia, Perugia, Salerno, and Venice.

2.5 FRP strengthening in seismic zones

The above described chapters on strengthening also
contain specific indications regarding constructions
in seismic zones. These follow the approach of the
most recent Italian and International codes, for as
regards: assessment techniques, safety requirements
(limit states), seismic protection levels, analysis meth-
ods, verification criteria (distinction between ductile
and brittle elements).

Reinforced concrete buildings. FRP strengthening
is regarded as a selective intervention technique, aim-
ing at: a) increasing the flexural and shear capacity of
deficient members, b) increasing the ductility (or the
chord rotation capacity) of critical zones through con-
finement, c) improving the performance of lap splice
zones through confinement, d) prevent longitudinal
steel bars buckling through confinement, e) increase
the tensile strength in partially confined beam-column
joints through application of diagonal strips.

A relevant innovation concerns the definition of the
inspiring principles of the intervention strategies: a)
all brittle collapse mechanism should be eliminated,
b) all “soft story” collapse mechanism should be elim-
inated, and c) the global deformation capacity of the
structure should be enhanced, either: c1) by increas-
ing the ductility of the potential plastic hinge zones
without changing their position, or c2) by relocating
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the potential plastic hinge zones by applying capacity
design criteria. In this latter case, the columns should
be flexure-strengthened with the aim of transforming
the frame structure into a high dissipation mechanism
with strong columns and weak beams.

Failure of brittle mechanisms such as shear, lap
splicing, bar buckling, joint shear, should be avoided.
For shear, the same criteria apply as for the non-
seismic case, with the exception that side bonding
is not allowed and FRP strips/sheets should only be
applied orthogonal to the element axis. For lap splices
of length Ls, adequate FRP confinement should be
provided, having thickness:

where Es = transverse steel modulus, and fl = confine-
ment pressure:

where ue = perimeter of the cross section inscribed
in the longitudinal bars, of which n are spliced,
and c = concrete cover. For bar buckling, ade-
quate FRP confinement should be provided, having
thickness:

where n = total number of longitudinal bars under
potential buckling.

Contributions to this topic came essentially from
the Universities of Rome and Naples, which are cur-
rently working on FRP strengthening of beam column
joints.

Masonry buildings. Starting form the same prin-
ciples as for RC buildings, when FRP-strengthening
a masonry building one should also consider that: a)
masonry walls inadequate to resist vertical and hor-
izontal actions should be strengthened or rebuilt, b)
orthogonal and corner walls should be adequately con-
nected, c) slab/wall and roof/wall connections should
be ensured, d) thrusts from roofs, arches and vaults
should be counter-reacted by appropriate structural
elements, e) slabs should be in-plane stiffened, f) vul-
nerable elements that cannot be strengthened should be
eliminated, g) irregularity of buildings cannot be cor-
rected by FRP applications, h) local ductility increase
should be pursued whenever possible, i) the applica-
tion of local FRP strengthening should not reduce the
overall structural ductility.

The Universities of Pavia and Genoa, which are
actively involved in the field of seismic protection

of masonry constructions, have mainly contributed to
this topic.

2.6 Quality control

A series of in-situ checks and operations are specified
in order to validate the quality level of the applica-
tions of composite materials: check and preparation
of the substrate, evaluation of the substrate degrada-
tion, removal and reconstruction of the substrate with
possible treatment of steel bars.

A series of requirements for a correct application
are also given for as regards: humidity conditions,
environmental and substrate temperature, construction
details and rules. The quality control of the application
is then based on semi-destructive and non-destructive
tests.

Indications on these issues came from the Univer-
sity of Naples, Calabria and Bologna.

3 PRESERVING THE HISTORICAL
HERITAGE

As a further comment to the strengthening interven-
tions with FRP on masonry buildings described above,
an attempt is made herewith to shortly illustrate the
philosophical and methodological bases of preser-
vation of historical constructions in Italy. Being a
matter of extreme complexity, the approach discussed
herewith is still open to discussion and under con-
tinuous evolution and might as well hold a different
view from other approaches accepted in some Italian
universities.

The objective is clear: encourage (seismic) assess-
ment studies of historical urban buildings and envi-
ronments that could guide towards the identification
and the design of a strengthening strategy – be it of
conservation, of reconstruction, of amelioration, of
retrofitting – that be in complete harmony with the
existent.

In this respect, interventions using FRP should be
carefully chosen, trying to minimise the invasiveness
and the visual impact. However, there is a general
consensus that FRP bonded to masonry structural ele-
ments complies with the principles of the chart of
Athens, as opposed to conventional (steel and con-
crete) solutions, because of its reversibility and easy
recognition of age difference.

Here, the relationship between shape and matter
acquires a strong and meaningful value. When select-
ing an intervention strategy with FRP one should
avoid relying on its remarkable strength to locally
strengthen possibly cracked masonry members. One
should rather remember that the knowledge of the
material-related aspects (strength properties, masonry
typology, …) of an artefact is, from the seismic

149



assessment standpoint, only subordinate to the knowl-
edge of the shape-related aspects (global geometry,
in-plan and elevation configurations, …).

The global seismic performance of a masonry
artefact primarily depends on shape-related aspects:
symmetry, walls relative and absolute in-plan location,
height-wise thickness variations, presence of voids,
holes, etc. It is perhaps superfluous to recall that the
safety verification of walls against collapse by over-
turning is based solely on geometrical data, totally
disregarding the characteristics of the constituent
materials. Thus, the choice of FRP ‘because it is a
strong material’ becomes meaningless; more impor-
tant is rather to correctly place it according to equilib-
rium considerations.

Another important objective when strengthening
a masonry building is to enhance the connections
both between orthogonal walls and between corner
walls. This can be attained, for example, by ‘sewing’
inadequate connections by means of FRP strips. In
order to correctly design the intervention, one should
clearly identify all inadequate connections throughout
the structure. This traditionally requires in-situ verifi-
cations and inspections tests that are often in-vasive
and destructive. In most case, this so-called ‘cultural
sacrifice’ is deemed unacceptable.

Alternatively, this can be avoided by trying and
‘read the building texture’and reconstructing the strat-
ification, growth and aggregation modalities in the
course of the centuries. The recognition of the prolon-
gation, rotation, intersection, and sliding of walls helps
at correctly defining the connection degree between
adjacent walls. Also, walls identified as ‘synchronic’,
that is, built at the same time, will be adequately
connected and collaborating, whereas walls recog-
nized as ‘diachronic’, that is, built at different times,
will be considered as detached and not collaborating.
This in turn affects, both, the outcome of the safety
assessment of local and global collapse mechanisms,
and the extent of the eventual FRP strengthening
intervention.

4 CONCLUSIONS

The peculiarities of Italy, highly seismic and endowed
with a built environment unique in the world, render
every research in this field a continuous and chal-
lenging task. This nationwide effort has resulted in
a pre-normative document (CNR-DT 200/2004) that,
beyond regulating a rapidly growing professional and
technical field, is also conceived with an informative
and educational spirit, which is crucial for the dissem-
ination, in the professional sphere, of the mechanical
and technological knowledge needed for an aware and
competent use of such materials.
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Bond tests on concrete elements with CFRP and anchorage systems

F. Ceroni & M. Pecce
University of Sannio, Engineering Dept., Benevento, Italy

ABSTRACT: Interface failures represent a typical issue of FRP laminates externally applied to reinforced
concrete elements, due to high stress concentrations in the anchorage zone of most types of applications.Therefore
anchorage systems and bond models are key issue of a reliable design. Experimental tests to evaluate the efficiency
of anchorage systems to avoid the delamination failure at the end of FRP laminates have been performed on
T-shaped elements that represent various structural situations. A first approach with a simply FEM analysis is
introduced considering non-linear bond behaviour at the interface.

1 INTRODUCTION

The reliability in strengthening existing RC structures
with FRP externally bonded is strongly related to bond
behaviour at the interface and anchorage systems.
Delamination is a typical failure for RC elements with
FRP laminates or sheets; furthermore it often occurs
at the anchorage where there is high concentration of
stresses.

When the external reinforcement is used to upgrade
structures in seismic areas (confinement of columns,
strengthening of beam–column joints), the ductility is
a key issue of the design. Thus, brittle failure due to
the debonding has to be avoided and anchorage sys-
tems may be designed for both strength and ductility
considerations.

Several types of anchorage have been studied and
tested by researchers [1–7]. The efficiency of a bond
anchorage (FRP bonded to concrete) can be due to
adequate transfer length, as provided by formulations
of various authors [3, 8, 9, 10].

The external reinforcement may peel off in the
uncracked anchorage zone as result of bond shear
fracture through the concrete or, due to high stress
concentration, in correspondence of shear or flexural
cracks; therefore localized debonding can be caused
by unevenness of the concrete surface.

To avoid delamination at the end, an additional
anchorage capacity may be obtained by gluing fibres
transversal to the direction of the external reinforce-
ment or by applying steel or FRP plates simply bonded
or bolted. For using bolts to fix FRP laminates it is
generally suggested to apply an additional layer of
multidirectional fibres; because sections where bolts
are placed on unidirectional sheets could be starting
points for local debonding.

Fib bulletin 14 [3] suggests an anchorage system
consisting in the realization of a hole filled with resin,
then a glass tow is forced through in the hole and the
ends are splayed outwards in a circle and are bonded
on the FRP sheet. These types of anchorage can be
very useful, eg. for T-beams strengthened in shear, and
several configurations have been proposed and tested
by [5], varying distance between fans, number of car-
bon layers and geometrical properties of the elements.
Also steel U-shaped devices embedded in the concrete
are suggested as anchorage [3]. Experimental tests
[4, 11] on reinforced concrete ties externally bonded
with FRP sheet with this system have shown that the
anchorage allows not only to have an increase of the
ultimate strength, but also an increment of the ductility
of the strengthened member with higher displacements
at ultimate conditions.

Considering the successful development of the new
reinforcement technique represented by the methodol-
ogy of the near-surface mounted FRP rods, a combined
anchorage system for external laminates can be also
realized using FRP bars. It consists into realizing a
groove in the concrete transversally to the fibre direc-
tion at the end of the FRP reinforcement: the sheet
is positioned in the groove, an FRP bar is put in the
groove to fix the sheet and the hole is then filled by
epoxy resin. This system was tested as anchorage for
external FRP shear reinforcement [7], giving a very
good efficiency.

To investigate different solutions of anchorages,
bond shear tests have been executed in the Magnel Lab-
oratory for Concrete Research on concrete specimens
strengthened with carbon fibre FRP (CFRP). Four-
teen tests have been executed investigating the bond
behaviour between concrete and CFRP when dealing
with a T-shaped section and for different strengthening
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configurations, mainly with respect to additional
mechanical fixings. Details about specimen’s config-
uration and results have been reported in [12]; in the
following some experimental results are summarized
and first theoretical and numerical comparisons are
worked out.

2 TEST PROGRAM

2.1 Test set-up

An experimental program of 14 specimens was
designed to study the efficiency of different anchorage
solutions at the end of external FRP reinforcement.The
configuration of the specimen is a T-shape that sim-
ulates real geometrical conditions of beam–column
connections, footing zone of columns and T-beams.
Each specimen is made by two concrete blocks with
a superior prismatic block and an inferior T-shaped
block. The two blocks are connected during the phases
of casting, manipulation, preparation and moving of
the specimen in the tensile machine, by a stiff plas-
tic tube and a wooden box, in order to sustain the
superior block and to keep the alignment of the two
blocks. To have confinement of the concrete, internal
reinforcement is provided with steel stirrups.

On two opposite sides of the specimens (sides with
theT-shaped section) CFRP laminates are applied with
a width of 100 mm. In six specimens the CFRP is pro-
vided along the web. For the other eight specimens
the anchorage systems are realized by extending the
FRP on the flange of the T-section (90◦ angle). No
bond is provided between the CFRP and the wooden
box separating the two concrete blocks. In figure 1 the
configuration of specimen with fibres extended to the
web is reported.

The loading arrangement provides tension to the
FRP laminate by compression on both the concrete
blocks, pulling them apart.To achieve this loading con-
dition by using a tensile loading machine, the specimen
contains two central diwidag steel bars inserted in the
plastic tube (the latter been put in the concrete blocks
during casting). One end of each bar is fixed to the
block by a bolted steel spreader plate, while the other
end is clamped in the testing machine. In the central
zone between the two blocks, the plastic tube is cut
to insert the steel bars and spreader plates. Prior to
testing the wooden box is dismantled, so that the only
connection between the two concrete blocks is pro-
vided by the CFRP. For all tested specimens the FRP
laminate is anchored to the concrete of the superior
block by gluing a steel plate and applying a mechanical
external anchorage system, in order to avoid a debond-
ing failure in this part. For specimens having the FRP
laminate on the vertical and horizontal plane, the 90◦
angle of the concrete block at the intersection of the

Figure 1. Specimen configuration.

two planes was rounded by an epoxy filling having a
curvature radius of 25 mm.

The tests were carried out in displacement control
way with a speed of 0.1 mm/min.

An overview and details of the different configura-
tions are provided in table 1. Series TA1 and TA2 are
reference ones because they have no extra anchorage
for the FRP laminate. More details about the anchorage
system configurations are reported in [12].

Several strain gauges were applied on the FRP lami-
nates: one strain gauge was applied at the middle of the
unbonded FRP and at least 2 times four strain gauges
were glued along the bonded part on both sides of the
specimen according to the scheme of figure 2. In addi-
tion, four LVDT transducers were positioned on both
sides of the specimen at the beginning of the bonded
zone, in order to measure the slip between concrete
and FRP at the loaded end of the laminate.

2.2 Materials

The mean cubic compressive strength of concrete,
obtained by experimental test on cubes (150 mm side)
at the age of testing, is reported in table 2 for each
batch. Therefore 3-point bending tests on 3 prisms
(150 mm × 150 mm × 600 mm) were performed to
have the tensile strength fct,b, and compression tests
on cylinders (∅150 mm × 300 mm) to determine the
secant E-modulus Ec (evaluated between 0.5 MPa and
1/3 of the compressive strength).
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Table 1. Characteristics of specimens.

Specimen Anchorage type

TA1-1 Laminate only on vertical plane:
vertical bond

TA1-2 length = 250 mm
TA2-1 Laminate on vertical plane and extended to
TA2-2 horizontal one, vertical bond length = 250 mm
TA3-1 Laminate on vertical plane and extended to

horizontal one, vertical bond
length = 100 mm

TA3-2 Laminate on vertical plane and extended to
horizontal one + steel plates bonded on FRP:
vertical bond length = 250 mm, FRP length
before steel plates: 150 mm

TA4-2 Laminate on vertical plane and extended to
horizontal one + steel plates bonded on FRP
and bolted on both sides of FRP: vertical
bond length = 250 mm, FRP length before
steel plates: 120 mm

TA4-1 Laminate on vertical plane and extended to
horizontal one + FRP laminate plates
bonded: vertical bond length = 250 mm,
FRP length before steel plates: 120 mm

TA5-1 Laminate on vertical plane with an FRP bar
cut-in at the end: vertical bond length =
100 mm, FRP length before FRP bars: 50 mm

TA5-2 Laminate on vertical plane with an FRP bar
cut-in at the end: vertical bond
length = 250 mm, FRP length before
FRP bars: 150 mm

TA6-1 Laminate only on vertical plane with a
bond length of 250 mm + FRP plates
bonded at the end

TA6-2 Laminate only on vertical plane with a
bond length of 250 mm + Steel plates
bonded at the end

TA7-1 Laminate on vertical plane with a bond length
of 250 mm + extension on horizontal
plane with FRP bar in the corner

TA7-2 Laminate on vertical plane with a bond length
of 100 mm + extension on horizontal
plane with FRP bar in the corner

Figure 2. Location of strain gauges.

Table 2. Mechanical properties of the concrete.

Batch TA1 TA2 TA3 TA4 TA5 TA6 TA7

fc,cub 45.0 44.7 42.7 46.3 42.6 35.6 35.4
[MPa]
fct,b 3.95 4.01 4.01 5.18 4.8 4.19 3.91
[MPa]
E [GPa] 32.6 32.6 36.2 30.6 32.1 31.9 32.8

Table 3. Test results.

Fmax
Specimen [kN] Failure mode

TA1-1 33.41 Delamination
TA1-2 29.36 Delamination
TA2-1 20.95 Delamination + fracture of fibres at

the beginning of the bonded side
TA2-2 20.94 Delamination on vertical plane with

propagation on the horizontal plane
TA3-1 26.71 Delamination on vertical plane with

propagation on the horizontal plane
TA3-2 29.00 Delamination on vertical plane with

detachment of steel plate
TA4-1 45.00 Detachment of FRP plate with tensile

rupture of fibres in the angle
TA4-2 28.77 Delamination of fibres and tensile

failure in the corner, anchorage intact
TA5-1 46.60 Failure of fiber in tension at the

groove after delamination
TA5-2 25.50 Failure of fiber in tension at the

groove after delamination
TA6-1 48.80 Delamination with slip of fibres

from anchorage
TA6-2 49.30 Delamination with slip of fibres

from anchorage
TA7-1 47.50 Failure of fibre in tension at the end

of the superior prismatic block
TA7-2 29.60 Failure of fibre in tension at the groove

The internal steel reinforcement is made by
deformed steel bars S500 (characteristic yield strength
500 MPa). The external FRP is a wet–lay–up system;
the thickness, s, the ultimate strength, fu, and strain,
εu, the Young’s modulus, Ef , as declared by the manu-
facturer, are respectively 0.111 mm, 3400 MPa, 1.4%,
230 GPa. The tensile strength obtained by experimen-
tal tests on fibres is 2340 MPa.

3 TEST RESULTS

3.1 Failure mode

In table 3 the results of the tests are summarized
in terms of maximum load and failure modes. The
maximum theoretical ultimate load of the specimens,
assuming sufficient anchorage capacity to obtain

155



Figure 3. Experimental failure modes.

CFRP fracture in tension and considering the experi-
mental tensile strength of fibres, is 52 kN, that is very
near to the experimental ultimate load registered when
fibre fracture happened. Examples of failure modes
are reported in figure 3.

The delamination load Nmax and transfer length
Lt,max of the bonded interface have been calculated
according to the following formulation suggested by
fib bulletin 14 [3]:

where fctm is the mean tensile strength of concrete, tf ,
bf and Ef are thickness, width and Young’s modulus
of fibres, α = 0.9, kc = 0.87, c1 = 0.64 are parame-
ters experimentally calibrated, bo = 400 mm is a refer
width and b is the width of the concrete element. It
results equal to 31.3 kN assuming a tensile strength of
concrete equal to the average bending tensile strength
(4.3 MPa) of all batches. The theoretical maximum
load is very similar to the experimental strength of
specimens of batch TA1, which have CFRP applied
only on the vertical plane. The transfer length given
by eqn.2 is 80 mm.

For the specimens without additional anchorage
devices, when the CFRP is applied also on the hor-
izontal plane (specimens TA2-1, TA2-2), a reduction
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Figure 4. Load–displacement relationship.

of about 30% of the maximum load was observed with
respect to series TA1 (with CFRP only along the verti-
cal plane).This result is probably due to local effects in
the corner. This observation is less pronounced when
the bond length of laminate on the vertical plane is
shorter (specimen TA3-1 has a bond length of 100 mm
instead of 250 mm).

When applying additional anchorage systems, in
some cases these are very effective, allowing the
CFRP to reach its tensile strength. In other cases the
anchorage can not be considered efficient because
the ultimate load is less or equal to the failure load
of the reference specimens. Detailing and applica-
tion procedure strongly influence the effectiveness
of the system. Application of bolts on steel plates
produced concentrated stresses, realization of curved
CFRP in a corner is difficult, and grooves for FRP
bars produce points where local failure phenomena
(local debonding, cutting of fibre, stress concentra-
tion) could develop.

When the CFRP is applied only vertically and addi-
tional anchorage is provided by a transverse plate (FRP
or steel), the failure load can have an increment up
to 57% (specimen TA6-2) with respect to the mean
value of the reference specimens (TA1-1 and TA1-2).
This configuration appears a favourable solution, con-
sidering also the easier modality of application.

In some cases where the anchorage had no effect
on the strength of the specimen, greater displace-
ments were registered by the LVDT transducers. In
figure 4 a comparison between displacement measured
by transducers is reported for different specimens; it
is possible to observe that specimens TA4-2 and TA7-
2, even if equipped of anchorage (with steel plates
bolted and FRP bars in the corner respectively), had
greater slips. The greater deformability of bond law
for these two specimens, starting from the beginning
of the test, was probably due to a non efficient gluing
of the external reinforcement. The ultimate load was
comparable with the ones of the reference specimens
(TA1-1 & TA1-2) and failure mode was character-
ized by fibre fracture for stress much lower than the
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tensile strength of fibres; therefore it was confirmed
that local phenomena damaged the effectiveness of the
anchorage.

3.2 Strain behaviour

The experimental results in terms of strain distribution
along the FRP are reported in figure 5. The point zero
of the x axis is assumed at the beginning of the bond
length of the laminate.

Strain distributions along the FRP laminate evi-
denced that the effective transfer length is not greater
than 100 mm, while the remaining part of the bond
length is stressed only at failure condition. For this rea-
son some specimens (TA3-1, TA5-2, and TA7-2) were
realized considering a reduced bond length of 100 mm.

Since the system studied can be significant of
anchorage problems in T-beam strengthened in shear,
some considerations about the effective strain have
been developed. According to the model of [8, 13
and 14], at the ultimate limit state in shear the FRP
delamination occurs at an effective strain in the prin-
cipal material direction that in general is less than the
tensile failure strain of fibres. Fib bulletin [3] gives
formulations for the effective strain fitted on the all
published experimental results on shear strengthening
of RC members; the expressions are:
– Fracture control:

– Peeling-off:

In table 4 the strain ε1 in the free part of FRP
laminate and the strain ε2 at the first bonded point
measured by strain gauges are reported at failure load.
The experimental values are similar to the ones given
by equations. 4 and 5 suggested by fib bulletin in
hypothesis of fracture and peeling control.

Also the original formulation suggested by [14] and
[8] have been calculated and reported in the following;
the values of effective strain are similar to one given
by eqn.4.

By the experimental measures of strain gauges, an
experimental bond relationship τf −sf can be obtained
for a laminate with thickness tf and Young’s modulus
of fibres Ef as follows:
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Figure 5. Strain distribution along the FRP.
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Table 4. Strain values at failure conditions.

Fmax
Specimens (kN) Failure ε1 ε2

TA1-1 33.4 delamination 0.00654 0.0059
TA1-2 29.4 delamination 0.00575 0.0044
TA2-1 21.0 delamination 0.00410 0.0028
TA2-2 20.9 delamination 0.00410 0.0032
TA3-1 26.7 delamination 0.00523 0.0027
TA3-2 29.0 delamination 0.00568 0.0035
TA4-1 45.0 Fiber fracture 0.00881 0.0073
TA4-2 28.8 delamination 0.00563 0.0031
TA5-1 46.6 Fiber fracture 0.00913 0.0059
TA5-2 25.5 delamination 0.00499 0.0024
TA6-1 48.8 Fiber fracture 0.00956 0.0077
TA6-2 49.3 Fiber fracture 0.00966 0.0049
TA7-1 47.5 Fiber fracture 0.00930 0.0057
TA7-2 29.6 delamination 0.00580 –
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Figure 6. Experimental shear stress–slip relationship.

where x = (xk + xk−1)/2, being xk and xk−1 the abscis-
sas of two following strain gauges, εk and εk−1 the

Table 5. Experimental bond parameters.

Specimen TA1-1 TA1-2

Side A τmax (MPa) 2.7 2.5
s1 (mm) 0.20 0.18

Side B τmax (MPa) – 2.2
s1 (mm) – 0.16
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Figure 7. Experimental shear stress–slip relationship.

Table 6. Experimental slopes of shear stress–slip
relationship.

Side A Side B
Specimen k0 (MPa/mm) k0 (MPa/mm)

TA1-1 13.5 –
TA1-2 13.9 13.8
TA2-1 12.9 13.4
TA2-2 12.6 14.0
TA3-1 18.7 –
TA3-2 16.9 13.8
TA4-1 – 14.6
TA4-2 15.1 14.1
TA5-2 15.4 15.4
TA6-1 – 14.5
TA6-2 11.1 –
TA7-1 22.6 22.1

Mean 15.3 15.1

corresponding measured strains. The strain gauges to
evaluate the bond-slip law are chosen considering the
measure points closest to the unbonded area of lam-
ina. Referring to figure 2, where an example of strain
gauges disposition is reported, measures of instru-
ments 2 and 3 are used. In figure 6 the distribution
of shear stress along the FRP laminate is reported for
some specimens.

In table 5 the values of τmax and the correspond-
ing slip s1, are reported for the reference specimens
TA1-1- and TA1-2. For the same specimens the exper-
imental τf –sf relationships are depicted in figure 7. It
is clear that the maximum shear stress depends on the
maximum load and on the failure mode.
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In table 6 for all specimens the values of the initial
slope, k0, of the experimental τf –sf relationships are
reported. It is interesting to notice that there is a very
low scatter of this parameter.

4 FIRST APPROACH WITH FEM MODEL

A first approach with a finite element model has been
developed with the software Lusas. It allows studying
the propagation of the maximum shear stress along the
concrete-FRP laminate interface; furthermore the dis-
tribution of tensile stress in concrete at the interface
can be evaluated at ultimate condition, when delamina-
tion occurs in experimental specimens. The specimen
geometry is modelled in hypothesis of plane stress.

The finite element used to model the geometry of
the specimen is a plane stress element (QPM8) with 8
nodes to have a quadratic interpolation between nodes.
Due to the symmetry of the specimen only an half part
of the T-shaped block has been modelled; the tensile
load is applied at the end of the FRP laminate intro-
ducing full restrain along the vertical symmetry axis
and the horizontal base of the specimen (figure 8). The
pulling force transferred to the concrete at the top of
the specimen from the bolted steel spreader plate is
simulated applying full restrains.

Concrete and FRP are assumed as linear elastic
materials, while the adhesive layer is modelled by
bidirectional springs with non-linear behaviour. The
axial stiffness of spring is evaluated as the ratio of
the Young’s modulus to the adhesive thickness, for the
shear behaviour a non-linear shear stress–slip, τf -sf
relationship is adopted. Particularly the bilinear law for
τf -sf suggested by fib bulletin 14 (fig. 9) is considered
in order to set the significant parameters.

Numerical modelling has been applied with two sets
of parameters:

– case 1: τmax = 3 MPa; s1 = 0.05 mm; smax = 0.1 mm;
based on parametric analysis and comparisons with
experimental results developed in [15];

– case 2: τmax = 3 MPa; s1 = 0.15 mm; smax = 0.3 mm;
being the values of s1 and smax identified by the
experimental results of the tests herein discussed.

At the moment only the reference specimen has
been modelled considering the configuration with-
out any type of anchorage.The maximum load given
by the model corresponds to reaching smax at the
loaded end.

For case 1 the maximum load results 22 kN; the
maximum shear stress is reached at about 20–30 mm
from the loaded end. In figure 10 the stress distribu-
tion of the maximum principal stress in concrete is
reported. The maximum tensile stress in concrete is
about 2.5 MPa that is much lower than the mean tensile
strength of the concrete used. Distribution of tensile

Figure 8. Specimen modelled by FEM.
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τ f 
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P
a]

τmax

smaxs1

Figure 9. Shear stress–slip relationship of fib bulletin 14[3].

stresses in concrete exhausts in about 110 mm from
the loaded end.

If parameters of case 2 are introduced in the bond
law, the maximum tensile load increases to 37 kN. The
maximum shear stress is reached at about 30–40 mm
from the loaded end. The maximum tensile stress in
concrete reaches 2.2 MPa. As shown in figure 11, the
distribution of tensile stress in the concrete exhausts at
150 mm from the loaded end. The experimental value
of the maximum load is lower than the numerical one
(29 kN for specimen TA1-1, 33 kN for specimen TA1-
2) and also tensile stress pointed out by the model is
much lower than the concrete strength. However it is
worth to notice that delamination occurred experimen-
tally in a very thin layer of concrete, where surely the
full tensile strength of material is not reached.

In conclusion the theoretical behaviour obtained
with a simply FEM model is significant of the exper-
imental results, introducing the effective bond law.
However it is also confirmed the importance to define
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Figure 10. Maximum principal stress in concrete for
case 1 at 22 kN.

Figure 11. Maximum principal stress in concrete for
case 2 at 37 kN.

and calibrate the bond law, either for the ascending or
for the descending branch, since it governs the ultimate
load when delamination occurs. The model has to be
extended to the other types of specimens, introduc-
ing the various anchorage systems used by a suitable
configuration of the finite elements.

5 CONCLUSIONS

From the experimental tests information has been
obtained about strength, ductility and failure modes

for different types of anchorage systems for FRP
laminates externally bonded to concrete elements.
Given the aforementioned anchorage configurations,
the following is noted:

– the effective transfer length is not greater than
100 mm and the remaining part of the bond length
is stressed only after debonding;

– detailing of the anchorage and application proce-
dure can strongly influence the effectiveness of
the system, also reducing the maximum load when
delamination occurs;

– the effective strains given by fib bulletin [3] at the
delamination or fibers failure conditions are in good
agreement with the experimental values;

– the very simple FEM model used, where the non-
linear behaviour of the bond law is introduced by
springs connecting concrete and FRP, gives sig-
nificant results, but underline the importance of a
detailed definition of the significant parameters of
the bond law.

In conclusion the test results confirm that bond
behaviour of FRP laminates glued to concrete is quite
well defined by available formulations in terms of lin-
ear elastic relationship and delamination strain. On the
contrary is more uncertain the non-linear branch of the
bond law and the effect of the anchorage systems on
delamination strength.

This last point is particularly important since a
new anchorage system, not enough and correctly
tested, could reduce the delamination load due to local
failures and damage.

The good results of this first numerical analysis
points out the opportunity of developing the FEM
model to introduce the other anchorage systems.
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ABSTRACT: An experimental analysis has been conducted to assess the effectiveness of an innovative system
based on Steel Reinforced Polymer (SRP) laminates for the flexural strengthening of Reinforced Concrete (RC)
beams; such external reinforcement has been impregnated with either epoxy resin or cementitious mortar. Exper-
imental performance of SRP strengthened members have been compared to those of beams externally bonded
with comparable amounts of Carbon Fiber Reinforced Polymer (CFRP). A summary of laboratory outcomes
is herein offered focusing on the ultimate behavior. Experimental results are used to assess the possibility of
extending ACI 440.2R-02 recommendations to the case of SRP. A modified equation for the bond-dependent
coefficient is proposed to account for the different bond behavior of the cementicious mortar.

1 INTRODUCTION

Over the last decade FRP composites have emerged in
construction mainly for the strengthening and reha-
bilitation of RC structures. The flexural and shear
strengthening of beams as well as the confinement of
columns using FRP laminates have been extensively
analyzed both in a laboratory and field environment.
In addition to the high mechanical properties, the use
of these materials has allowed exploiting other fea-
tures like their high durability and their high resistance
to aggressive and harsh environments, their easy and
rapid installation, their light weight and low impact
on the original geometry of strengthened members,
and the possibility of targeting their density and texture
to the requirements of the specific application.

Even though there is a wide consensus at both
academic and industrial level that FRP composites
represent a real and competitive alternative to tradi-
tional strengthening techniques, one of the barriers to
their larger diffusion in construction is represented by
their low fire resistance (Nanni et al. 2001). This is a
problem that affects both Carbon (CFRP) and Glass
(GFRP) laminates and it is related to the properties of
epoxy resins generally used to impregnate the fibers.
In addition, some other reasons of concern are raised
by the linear-elastic behavior up to failure of the fibers
and by the orthotropic behavior of FRP laminates.

The present paper deals with an innovative strength-
ening system based on SRP composites that could

be an alternative technique for structural applications
whose requirements could not be fulfilled by FRP
materials. Similarly to FRP, SRP composites are
obtained by impregnating steel fibers with either an
epoxy or a cementitious matrix. The steel fibers are
given by cords identical to those used as radial rein-
forcement of car tires; steel cords could vary between
the highly twisted cords, for optimum ductility, and
slightly twisted cords, which are more open to allow
resin penetration (Hardwire 2002). The steel tape has
very high strength and stiffness and is economical to
produce; its density can be targeted to meet the require-
ment of reinforcement, viscosity of resin, and cosmetic
application. No special resin is required for wetting the
steel cord reinforcement, as it is required for GFRP and
CFRP fibers where the sizing plays a critical role.

For applications where fire resistance is the param-
eter governing the strengthening job, the use of a
low-density steel tape could allow overcoming such
problem by installing an SRP composite impregnated
with a cementitious matrix not sensitive to fire and
high temperatures. It is also possible to improve the
bond of such laminates using mechanical anchorages
that are in general not compatible with the use of FRP.
If this is done, the design of the anchorages could
also count on the ductility of steel fibers that could be
needed in order to redistribute high stresses at anchor-
age location and prevent local failures. In addition to
fire resistance, the use of a traditional material such as
a polymer modified cementitious matrix reduces the
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uncertainties and the likelihood of defects related with
the mixing of an epoxy resin which typical workers of
the construction industry are not familiar with.

In general, even though an high-density steel tape
impregnated with an epoxy resin is selected, the cost
of steel fibers lower than carbon or glass fibers could
make SRP laminates more cost effective than FRP;
this could be the driving criterion in the choice of
SRP rather than FRP especially if there is no require-
ment for high durability performance (i.e., interior
applications in buildings). Finally, in cases where the
composite reinforcement is required to withstand high
stresses in the direction perpendicular to fiber axis
(i.e., concentration of high shear stresses), the SRP
laminates could perform much better than FRP whose
transverse mechanical properties are not significant.

This paper focuses on the application of SRP mate-
rials as externally bonded flexural reinforcement for
RC members. Experimental studies have been carried
out on the use of FRP systems for flexural strength-
ening (Fanning et al. 2001, Brena et al. 2003, Shin &
Lee 2003); Alaee & Karihaloo (2003) lately proposed
a technique for the repair of flexural members using
externally bonded high performance fiber reinforced
concrete strips. No systematic test has been conducted
yet on concrete elements strengthened using SRP lam-
inates. In order to investigate the flexural behavior
of RC beams strengthened with SRP composites, two
different types of steel tape have been used at the Uni-
versity of Naples Federico II, Italy, to strengthen RC
beams using cementitious grout and epoxy resin.Addi-
tional beams strengthened with comparable amount
of unidirectional Carbon FRP (CFRP) laminates have
been tested and compared with those strengthened
with SRP composites.

2 EXPERIMENTAL PROGRAM

Detailed information about the test setup, specimen
properties and strengthening schemes can be found in
Prota et al. (2004) with a brief summary offered herein.

A total of ten RC shallow beams (400 mm wide,
200 mm high and 3.7 m long), were cast; the stirrups
were D8 mm steel bars spaced at 100 mm center-to-
center. For all specimens, five D10 steel bars were used
as tensile reinforcement and two D8 steel bars as com-
pression reinforcement. Seven of these beams were
strengthened with two different types of steel tape,
namely 3X2 cord (i.e., high-density) and 12X cord
(i.e., low-density); the high-density tape was impreg-
nated with epoxy resin (i.e., type A beams) and the
low-density tape was bonded with cementitious grout
(i.e., type B beams). The remaining two beams were
strengthened with CFRP laminates impregnated with
epoxy resin (i.e., type C beams).

In two type B beams, the steel tape impregnated
with cementitious grout was mechanically anchored

Table 1. Test matrix.

Total
External width

Specimen reinforcement Matrix (mm) Plies

D – – – –
A-1 S-HD E 150 1
A-2 S-HD E 300 1
A-3 S-HD E 300 2
B-1 S-LD E 200 1
B-2 S-LD C 200 1
B-3 S-LD C 200 1
B-4 S-LD C 400 2
C-1 Carbon E 450 2
C-2 Carbon E 900 3

with nail anchors (i.e., B-3 and B-4).Table 1 reports the
test matrix of the research program, summarizing the
type (i.e., S-HD and S-LD standing for high-density
and low-density SRP tape, respectively) and matrix
(i.e., E and C standing for epoxy and cementitious,
respectively) of the externally bonded reinforcement,
and its amount in terms of width and number of plies.

The installation was performed according to typical
procedures. No primer was used for bonding SRP tapes
with either epoxy or cementitious grout, whereas a
primer was used to install CFRP laminates on beams
C-1 and C-2. When more than one ply was installed,
the following ply was bonded with an offset of 100 mm
from the cut-off point of the previous.

All the beams were tested as simply supported mem-
bers, over a clear span of 3.4 m. They were loaded up
to failure under a four-point bending configuration,
with a constant moment region of 1.0 m across the
mid-span; tests were carried out under displacement
control. The instrumentation of all beams included
two horizontal linear variable displacement transduc-
ers (LVDTs) placed on one side of the specimen to
record displacements over a length of 350 mm across
the mid-span at heights of the compressive concrete
fiber and of the concrete fiber corresponding to ten-
sile steel rebars, respectively. Strain gages were also
used to measure strains on the externally bonded rein-
forcement at mid-span. Three strain gages were placed
along the transverse direction of the mid-span cross-
section if the laminate width was less than 200 mm,
five were indeed mounted if the width was larger.

The control beam, D, showed a collapse due to con-
crete crushing in the constant moment region at a load
equal to 49.30 kN. The installation of the high-density
SRP tape bonded with an epoxy resin at the bottom of
a type D beam allowed to increase the strength up to
86.30 kN for beam A-1, 121.10 kN for beam A-2 and
100.40 kN for beam A-3; it is important to underline
that A-2 and A-3 had the same area of external rein-
forcement arranged on a single ply and double width,
or on two plies and half width, respectively (Table 1).
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Figure 1. Bottom View of A-2 Beam at Failure.

The mode of failure was similar for these three beams;
it was concrete cover separation (Fig. 1) which initiated
at one of the loading points and caused the separation
of the concrete cover up to the depth of the longitudinal
steel bars (Teng et al. 2001).

The installation of the low-density SRP tape allowed
investigating the performance of an epoxy versus a
cementitious matrix by comparison between beams
B-1 and B-2 that were identical in terms of amount
and configuration of external steel reinforcement
(Table 1). The epoxy resin allowed beam B-1 attaining
its failure at ultimate load equal to 88.60 kN, whereas
beam B-2 failed at 72.70 kN.

In addition, the possibility of delaying SRP delam-
ination was explored by nailing the laminates of beam
B-3, strengthened with same amount and configura-
tion of steel reinforcement adopted for beam B-2. A
comparison of the performance at ultimate highlights
that beams B-2 and B-3 failed at loads of 72.70 kN and
71.50 kN, respectively; this points out that the nails
were unable to increase the ultimate capacity of beam
B-3. Finally, beam B-4 was strengthened with a double
amount of SRP tape with respect to the other three type
B beams and its external reinforcement was nailed sim-
ilarly to beam B-3. The ultimate behavior showed that
doubling the tape area enabled B-4 to reach an ultimate
strength of 86.70 kN very close to that of the epoxy
bonded beam with half area of SRP (i.e., beam B-1).

The failure of beams B-1 and B-2 was due to inter-
facial debonding which initiated at one of the loading
points (Teng et al. 2001). The epoxy allowed beam B-1
a better engagement of the concrete substrate than that
provided by the cementitious grout on beam B-2; this
can be observed by comparing Figures 2–3. The fail-
ure of beams B-3 and B-4 was also due to interfacial
debonding after nail bearing.

The use of CFRP laminates allowed for a strength
increase that was more significant than that obtained
with the equivalent amount of SRP tape bonded with
epoxy; the ultimate loads for C-1 and C-2 beams were

Figure 2. Bottom View of B-1 Beam at Failure.

Figure 3. Bottom View of B-2 Beam at Failure.

96.50 kN (about 12% more than A-1) and 134.80 kN
(about 34% and 11% more than A-2 and A-3, respec-
tively), respectively. The collapse of both C-1 and C-2
beams was similar to that of type A beams; it was due
to FRP debonding initiated at one of the loading points
with separation of the concrete cover more pronounced
for C-2 than for C-1.

3 EXPERIMENTAL-THEORETICAL ANALYSIS

3.1 Strength and failure modes

The nominal flexural strength of tested beams was cal-
culated according to the recommendations of the ACI
318-02 and ACI 440.2R-02 guidelines. Since the goal
was to perform a comparison with experimental val-
ues, both CE (i.e., environmental-reduction factor) and
ψf (i.e., additional FRP strength reduction factor) were
taken equal to 1.

The calculations were conducted considering a
compressive strength of concrete, f ′

c, equal to 29.7 MPa
and a yield strength of internal steel rebars, fy, equal
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to 500 MPa; the design rupture strain, εfu, was taken
as 0.015 and 0.012 for FRP and SRP laminates,
respectively.

In order to determine the failure mode according to
the ACI 440.2R-02 guidelines, the following equation
should be considered:

where εcu = 0.003 = maximum usable compressive
strain of concrete, h = overall thickness of the member,
c = neutral axis corresponding to concrete crushing,
εbi = strain level in the same fiber at the time of
the FRP installation (computed based on a uniformly
distributed dead load and equal for tested beams to
wDL = 2 kN/m), and km is the bond-dependent coef-
ficient. If (1) is verified, the failure mode is concrete
crushing and the effective strain in the composite rein-
forcement is obtained from the linearity of the strain
diagram as in (1). If (1) is not verified, the failure is
due to FRP/SRP rupture and

The ACI 440.2R-02 document provides two expres-
sions for computing km depending on the value of the
product:

where n = number of plies of FRP reinforcement,
Ef = tensile modulus of elasticity of FRP, and
tf = nominal thickness of one ply of the FRP rein-
forcement. The threshold value is 180 MPa. For beams
discussed in the present paper, the product (3) is always
less than such value and then the following equation
should be used to compute km:

Table 2. Comparison between theoretical and experimental predictions in terms of strength and failure modes.

Theoretical Experimental

Mn M
εcu

(
h − c

c

)
− εbi

Beam kmεfu εfe Failure mode (kNm) (kNm) Failure mode

D – – – Concrete crushing 26.13 29.58 Concrete crushing
A-1 0.0119 0.0108 0.0108 SRP rupture 51.16 51.78 SRP delamination
A-2 0.0090 0.0108 0.0090 Concrete crushing 66.31 72.66 SRP delamination
A-3 0.0092 0.0086 0.0086 SRP rupture 64.69 60.24 SRP delamination
B-1 0.0126 0.0108 0.0108 SRP rupture 48.22 53.16 SRP delamination
B-2 0.0126 0.0108 0.0108 SRP rupture 48.22 43.62 SRP delamination
B-3 0.0126 0.0108 0.0108 SRP rupture 48.22 42.90 SRP delamination
B-4 0.0095 0.0108 0.0095 Concrete crushing 63.44 52.02 SRP delamination
C-1 0.0105 0.0131 0.0105 Concrete crushing 57.65 57.90 FRP delamination
C-2 0.0080 0.0114 0.0080 Concrete crushing 72.58 80.88 FRP delamination

By means of km, the ACI 440.2R-02 reduces the
maximum usable strain in the external reinforcement
and thus SRP/FRP rupture represents a conventional
way to account also for premature failures.

For all tested beams, the ultimate neutral axis posi-
tion was computed by a trial and error procedure
from the equilibrium equation imposing that the sum-
mation of horizontal compressive (i.e., concrete and
compressive steel reinforcement) and tensile (i.e., ten-
sile steel and FRP reinforcements) forces is equal to
zero. Then, the strains in concrete, steel reinforcement
and FRP were determined, and the nominal flexural
moment was calculated from the moment equilibrium
around the centroid of the tensile steel reinforcement.
For beams A-2, B-4, C-1 and C-2, equation (1) was
verified implying concrete crushing. For all the other
five beams, equation (2) governed and the expected
failure mode involved FRP/SRP rupture. The results
of such theoretical analysis are reported in Table 2,
where a comparison with experimental outcomes is
also proposed.

The theoretical prediction (i.e., concrete crushing)
was not confirmed by experiments for one beam of
both series A and B (i.e., A-2 and B-4) and for the
two beams of series C (Table 2). The same amount of
external reinforcement arranged in different configu-
rations determines that the ACI formulas are able to
capture the failure mode of A-3 (i.e., two plies and
width equal to 37.5% that of the beam), whereas they
do not perform in the same way if the SRP is arranged
on one ply, but on a width equal to 75% of that of the
beam (i.e., A-2). Since the first term of (1) is almost
equal for both (i.e., 0.090 versus 0.092 in Table 2), the
difference is due to values of km that are equal to 0.90
(i.e., it would be 1.06, but the limit controls) and 0.71
for A-2 and A-3, respectively.

For beams B-1, B-2 and B-3 the km value would
be 1.17, whereas it would be 0.95 for B-4; therefore,
the limit of 0.90 controls all of them. This allows pre-
dicting the failure mode on B-1, B-2 and B-3 beams,
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while the effective strain in the SRP reinforcement is
overestimated when two plies are installed (i.e., B-4)
and concrete crushing is expected. The same happens
for the two CFRP strengthened beams. Finally, for
the nine strengthened beams, the analysis according
to ACI 440.2R-02 would provide ultimate strains in
the tensile steel reinforcement, εs, much larger than
0.005 (i.e., ranging between 0.0061 of C-2 and 0.0084
of B-1) and then all largely fall into the region where
the strength reduction factor, φ, is equal to 0.90. For
this reason, no changes appear necessary to the for-
mulas considering that a correction aiming at fitting
all experimental failure modes would not affect the
overall safety of the strengthening design.

The same analysis can be conducted in terms
of nominal flexural moments. The ACI approach is
conservative for both A-1 and A-2 beams and over-
estimates the strength of A-3 by 7.4% (Table 2).
With respect to series B, it is conservative for the
beam impregnated with epoxy (i.e., B-1), whereas
overestimates the strength of those impregnated with
cementitious by about 11.4% (i.e., B-2 and B-3) and
22% (i.e., B-4). It is always conservative for the CFRP
strengthened beams (Table 2).

The main conclusion of such comparison is that
the ACI 440.2R-02 approach overestimates by more
than 10% the strength of the beams whose SRP rein-
forcement is bonded with cementitious (i.e., B-2, B-3
and B-4). If one were to back calculate the effective
strain in the SRP that would provide a conservative
strength estimate for those three beams, such value
would be found equal to about 0.58% (i.e., B-2 and
B-3) and 0.47% (i.e., B-4) of εfu. Based on the experi-
mental results reported in this paper, equation (4) could
be safely extended to external reinforcements bonded
with cementitious as follows:

The strength prediction that would be obtained for
the three beams according to equation (5) are sum-
marized in Table 3; it is recalled that beams B-2 and
B-3 are identical from a strength point of view as the
presence of nails is not accounted for in the adopted
formulas. It is noted that the use of equation (5) reduces
so much the effective strain in the SRP of B-4 beam
that the strain in its tensile steel reinforcement at ulti-
mate is lower than 0.005 (i.e., 0.0048). This would

Table 3. Theoretical strength using a modified km.

Beam εfe Failure mode Mn (kNm)

B-2/B-3 0.0070 SRP rupture 42.16
B-4 0.0057 SRP rupture 50.44

have an important repercussion from a design stand
point because it would determine the use of a strength
reduction factor lower than 0.90.

3.2 Moment-curvature relationships

The behavior of tested beams was also analyzed in
terms of moment-curvature relationships. For the con-
trol beam, the experimental mean curvature was deter-
mined from readings of LVDT transducers mounted
over a gage length of 350 mm across mid-span at
the heights of both compressive concrete and inter-
nal steel reinforcement (Fig. 4a). For the strengthened
beams, the experimental mean curvature was obtained
from readings of the LVDT transducer mounted on the
compressive concrete and of strain-gages installed at
mid-span on the external reinforcement (Fig. 4b).

Experimental moment–curvature trends are depicted
in Figures 5–8; for each curve, the code of the relevant
beam is followed by the symbol EX in parenthesis.
The analysis of the moment-curvature relationships
points out that the control beam cracks at about
5 kNm and yields at about 25 kNm, with correspond-
ing curvatures of 1.96 × 10−6 and 2 × 10−5 rad/mm,
respectively. A-1 and A-2 beams show a cracking
moment of about 13.5 kNm, which is higher than that
provided by A-3 (i.e., about 9.7 kNm); up to the crack-
ing moment A-1 and A-2 curves are very similar, even
though A-2 is slightly stiffer than A-1 that is closer
to D up to its cracking (Figure 5). Then, A-1 yields
at about 35.4 kNm, whereas A-2 and A-3 yield at
about 45 kNm. For these two beams, branches between
cracking and steel yielding, and steel yielding and ulti-
mate are very similar. Experimental ultimate moment
values have been already discussed for all beams in
the previous section and are summarized in Table 2.

Curves of all beams of series B show very similar
trends up to the cracking moment of about 6 kNm and
are all stiffer than the control beam (Figs. 6–7). No
matter whether the SRP tape is bonded with epoxy,
cementitious, or nailed, beams B-1, B-2 and B-3 show
a similar yielding moment of about 35 kNm. However,
B-1 and B-2 have similar branches between crack-
ing and yielding, whereas the presence of the nails
stiffen B-3 that attains the yielding with a curvature
about 20% lower than the other two beams (Figure 7).
The higher amount of external reinforcement causes

LVDT

LVDT LVDT

Strain gages
(a) (b)

Figure 4. Experimental curvature of control (a) and
strengthened beams (b).
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Figure 6. Comparison in terms of moment–curvature relationships between D and B-1 beams.

that B-4 yields at a moment of about 43 kNm; its
curve is almost overlapped to that of B-2 until such
beam yields. Both CFRP strengthened beams crack
at about 10.5 kNm and their initial slope is stiffer

than that of D; after the cracking point, the curves
start diverging and reflect that the higher amount of
external reinforcement makes C-2 cross-section stiffer
(Figure 8).
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Theoretical moment–curvature relationships were
computed for tested beams using the above mentioned
material properties; they are compared to experimental
curves in Figures 5–8 where they are denoted by TH

in parenthesis after the code of each relevant beam.
Theoretical curves are drawn considering, since the
beginning, the moment of inertia of the cracked cross-
section and they are drawn in Figures 5–8 as the sum
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of a continuous line and a dashed line. The continu-
ous branch represents the moment-curvature that is
obtained by stopping the analysis of the cross sec-
tion when the strain in the external reinforcement
(i.e., SRP or FRP) of each beam attains the value
of εfe computed according to ACI 440.2R-02 (Table
2). The dashed branch represents the portion of the
moment-curvature that could be attained if prema-
ture failures are not considered and then the ultimate
composite strain is not reduced via the coefficient
km discussed in the previous sections. Therefore, the
dashed branches allow understanding the reductions
of strength (i.e., moment) and deformation (i.e., cur-
vature) capacity that the cross-section undergoes if
premature failures (i.e., delamination) are accounted
in addition to conventional failure modes (i.e., con-
crete crushing and FRP/SRP rupture). As expected,
the experimental curves are in general stiffer than
those theoretical; this is because the experimental are
mean curvatures (i.e., average over a length of 350 mm
where in general only three cracks formed), whereas
those theoretical represent curvatures of the cracked
cross-section.

4 CONCLUSIONS

The results of a theoretical-experimental analysis are
herein presented with respect to RC beams strength-
ened in flexure with emerging materials. The compari-
son focuses mainly on the ultimate behavior and allows
assessing the strength gains provided by FRP and SRP
systems; for the latter, the performance of epoxy resin
and cementitious mortar are compared.

The paper confirms that the ACI 440.2R-02
approach provides conservative strength estimates for
both FRP and SRP systems, if the external rein-
forcement is bonded with epoxy. The different bond
behavior of a cementitious mortar is not predicted
by the current ACI 440.2R-02 equations; a modi-
fied expression for the bond coefficient km has been
herein proposed in order to extend them to systems
impregnated with mortar. Further tests will need to be
performed in order to confirm the reliability of the
modified equation.
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ABSTRACT: This paper presents some experimental results about cracking phenomena of reinforced con-
crete (RC) beams strengthened with externally bonded composite materials. Carbon Fiber Reinforced Polymers
(CFRP) laminates or steel (SRP) tapes have been used. Some comparisons with analytical results in terms of
cracks width and crack spacing are reported using an analytical models developed by the authors. The model
allows taking into account the non linear behavior of materials and bond laws. Comparisons at service condition
with code formulas are also reported. Interesting considerations about the different bond behavior of cementitious
grout and epoxy resins are developed in order to have a calibration of the bond law.

1 INTRODUCTION

The use of externally bonded composite laminates
is by now a diffuse technique to strengthen existing
RC structures. However, some aspects of ultimate and
serviceability conditions still need experimental and
numerical analysis; furthermore, especially for ser-
viceability checks, there is a lack of code provisions.
In particular FRP laminates have been already applied
in many cases to strengthen beams, but even if some
experimental and numerical information are avail-
able, information about tension stiffening and cracking
behaviour of such elements strengthened with FRP is
necessary. These last aspects are complex and involve
laminate and interface properties that influence the
cracking of the concrete element. Recently, the appli-
cation of steel reinforced polymer (SRP) has been
also analyzed as a new concept in composite rein-
forcements for structural strengthening. In particular
the steel cord of piano wire used as the reinforce-
ment for radial tires have been considered for this
application; this is one of the strongest industrial mate-
rials known, and also corrosion resistance is suitable
enhanced (Tashito et al., 1999, Hardwire 2002).

It is very permeable and allows for high viscosity
resins to be used, including cementitious mixtures and
thermoset putties.

No information is yet available about the bond
behaviour at concrete interface and cracking of the
beams strengthened using these emerging materials.

For the external reinforcement with FRP and SRP
laminates a key issue is the bond behaviour at the

concrete-fibres interface, that governs the effective-
ness of the system; about this subject many experimen-
tal and theoretical studies concern the phenomenon of
peeling that often characterizes the failure mode and
in general happens where a stress concentration occurs
(Smith & Teng, 2002a; Smith & Teng, 2002b).

The cracking behaviour has not been well developed
yet, due also to the lack of experimental tests on
beams: more information need about the transfer of
the stresses and about the interaction between the
internal and the external reinforcement; tests and mod-
els available in literature have been carried out with
reference to ties elements (Tripi et al., 2000; Ueda
et al., 2002, Ceroni et al. 2004; Sato et al., 2002; Zhang
et al., 2003).

The modeling of tension stiffening in RC elements
is based on many experimental tests and on a consoli-
dated knowledge of the steel-concrete bond; therefore,
code formulas are reliable (CEB, 1985; Eurocode2,
1991). For RC elements strengthened with FRP lam-
inates, there is no standard experimental procedure
for bond tests: the experimental results focus on the
definition of the transfer length and the delamination
load (Smith & Teng, 2002a; Smith & Teng, 2002b) and
some design provisions are given by the fib bulletin 14
(2001).

In this paper experimental results about the crack-
ing of flexural RC beams reinforced with CFRP and
SRP laminates are analyzed.A model developed by the
authors (Ceroni et al., 2001; Ceroni & Pecce, 2002) to
calculate crack widths in RC tensile elements exter-
nally strengthened with FRP is applied to perform an
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experimental-theoretical comparison. The model has
a mono-dimensional approach and allows introducing
non-linear constitutive relationships for materials and
bond laws; furthermore, the formation of the first crack
and the crack propagation can be taken into account,
even if in this case is not applied. The model assumes
that the tension zone of the section can be considered
similar to a tie, and the crack width distribution along
the depth has to be established.

Also indications given by codes (Eurocode2, 1991,
and ACI 318, 1999) to calculate mean strain and mean
crack widths are examined and compared with the
experimental results.

2 CRACKING AND CODE FORMULATIONS

The cracking behaviour of RC elements externally
bonded with composite materials is very complex. In
addition to the stress transfer between steel bar and
concrete, the transfer between the external laminate
and the concrete, depending on the bond law at the
interface, has to be introduced. The development of
cracks is progressive and the crack number increases
as the load increases until a stabilised cracking condi-
tion is reached. At this stage no more crack will form,
because the tensile stress transferred to the concrete
between two cracks is smaller than the tensile strength
of concrete. The concrete between two cracks is able to
withstand these tensile stresses incorporating a stiff-
ening effect (tension stiffening) on the deformability
of the elements.

When an external reinforcement is applied, the
development of cracking is modified because of the
additional stresses transferred to the tensile concrete
by the laminate. The number of cracks and crack spac-
ing will change depending on the bond behaviour at
the concrete-laminate interface. Typically the bond
behaviour between concrete and laminate seems to be
stiffer compared to that between steel and concrete,
allowing the transfer of high stresses over a very short
length (fib bulletin 14, 2001).

The average crack width, wm, is usually evaluated
neglecting contribution of concrete strain in tension
and can be expressed as:

where εsm is the mean steel strain and srm the mean
crack spacing.

Codes provide reliable formulations to calculate wm
for RC elements in service conditions (Eurocode2,
1991; ACI 318, 1999) that are based on numerical
parameters validated through experimental tests.

Eurocode2 suggests the following formulation for
the average strain in a generic RC element:

where β1 takes into account the bond characteristics
of the internal reinforcement (β1 = 1 for ribbed bars,
β1 = 0.5 for smooth bars) and β2 considers the loading
type (β2 = 1 for short-term loading, β2 = 0.5 for long-
term loading); σcr = the tensile stress in the steel bar at
the first cracking load; σs and εs = stress and strain in
the steel bar at the load corresponding to the condition
examined:

for element subjected to a bending moment M, where
I is the moment of inertia of the cracked section.

To evaluate crack distance in RC elements, EC2
provides the following formulation:

where k1 = bond coefficient equal to 0.8 for deformed
steel bars, and 1.6 for plane steel bars; k2 = coefficient
to take in account type loading, equal to 0.5 for flex-
ural load, and 1 for tensile load; φ = diameter of steel
bar;µs =As/Act,eff , whereAct,eff = the effective area of
concrete in tension and As the area of steel reinforce-
ment. For flexural elements EC2 suggests to calculate
Act,eff as the minimum value between [2.5·B·c] and
[B·(H-xc)/3], being B, H, c, xc width, height, concrete
cover and neutral axis of the section.

When an externally fibre reinforcement is applied,
Eqn.4 could be modified to introduce the contribution
of external reinforcement in µs (and keeping φ the
diameter of the steel bar):

where A1 and E1 = area and the Young’s modulus of
the external reinforcement, respectively.

The American Concrete Institute (ACI 318, 1999)
proposes an empirical formula, where computation of
crack widths is independent on the evaluation of crack
spacing:

where β = (H-xc)/(h-xc), being H the total height of
section, h = (H-c), c the concrete cover in tension, xc

172



the position of the neutral axis; σs = the stress in the
steel bar in MPa; A = the effective area of concrete in
tension surrounding each steel bar; k = 1.

A specific formulation for elements strengthened
with FRP laminates is suggested in the fib bulletin
14 (2001) and by Matthys (2000). This formulation
has been compared with experimental results of RC
ties externally bonded with carbon and glass fibres in
(Ceroni et al., 2004). Results indicates that the theoret-
ical prediction underestimate the experimental values.

3 THE EXPERIMENTAL PROGRAM

The experimental program was aimed at evaluating the
effect of various types of external flexural reinforce-
ments on RC beams. A total of ten RC shallow beams,
400 × 200 × 3700 mm in size, were cast. The stir-
rups were �8 mm steel bars spaced at 100 mm center-
to-center. For all specimens, five �10 and two �8 steel
bars were used as tensile and compression internal
reinforcement, respectively. One of these beams was
not strengthened (specimen D), the other nine were
externally reinforced using two different types of steel
tape, namely 3x2 cord (i.e., type “A”) and 12x cord
(i.e., type “B”), and CFRP laminates (i.e., type “C”).

Seven beams were strengthened with steel tapes
impregnated with epoxy resin or cementitious grout
(i.e., A and B beams); the remaining two beams (i.e.,
C-1 and C-2) were strengthened with CFRP lami-
nates impregnated with epoxy resin. Two of the beams
strengthened with steel tape using cementitious grout
were mechanically anchored with nail anchors (i.e.,
B-3 and B-4). Table 1 reports the test matrix of the
research program, summarizing the area of tensile
steel, As, the type, the matrix, the bond width, bl,
and the number of plies, nl, of the externally bonded
reinforcement.

3.1 Material properties

The concrete mean cubic strength experimentally
tested was 29.7 MPa. Based on experimental tests,
the yield stress, the ultimate stress and the ultimate
strain for �10 bars were 500 MPa, 600 MPa and 12%,
respectively. In Figure 1, the stress-strain relationships
for three tests on steel bar diameter �10 are reported.

The CFRP laminates have a unidirectional fiber
texture with a density of 300 g/m2 and an equivalent
fiber thickness of 0.167 mm. Some experimental tests
performed on carbon fiber specimens, according to
indications of ASTM D3039/D3039M, gave a mean
value of tensile strength of 2630 MPa (standard devia-
tion 375 MPa), with a corresponding strain of 0.0103
(standard deviation 0.0014). These values are lower
than ones usually declared by manufacturer (3450 MPa
and 0.015), because failure was often not caused by
tension of fibers, but by slipping phenomena at the

Table 1. Test matrix.

Beam As (mm2) Ext. reinf. Matrix bl (mm) nl

D 392.5 – – – –
A-1 392.5 3X2 E 150 1
A-2 392.5 3X2 E 300 1
A-3 392.5 3X2 E 150 2
B-1 392.5 12X E 200 1
B-2 392.5 12X C 200 1
B-3∗ 392.5 12X C 200 1
B-4∗ 392.5 12X C 200 2
C-1 392.5 CFRP E 300/150 2
C-2 392.5 CFRP E 300 3

∗ with nails, E = epoxy, C = cementitious.
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200
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600

0% 5% 10% 15%
ε [%]
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Figure 1. Experimental stress–strain relationship for φ10
steel bar.

anchorage, that did not allow using the total strength
of fibers. TheYoung’s modulus was 246 GPa (standard
deviation 12 GPa).

The 3x2 steel cord (Hardwire 2002) is made
by twisting 5 individual zinc coated wires together
(3 straight filaments wrapped by 2 filaments at a
high twist angle). The density of the 3x2 tape used
in this research program consists of 8.7 cords per cm,
which is considered high-density tape. According to
the manufacturer the strength is 1.34 kN/mm.

The 12x steel cord (Hardwire 2002) is made by
twisting two different individual brass coated wire
diameters together in 12 strands and then over-twisting
one wire around the bundle. The density of the 12x
tape used to strengthen the beams consisted of 6.3
cords per cm, which is considered medium-density
tape. According to the manufacturer, the strength is
0.79 kN/mm.

Several tensile tests on 3x2 and 12x steel cord
were performed according to indications of ASTM
D3039/D3039M. For 3x2 the mean value of tensile
strength was 2440 MPa (standard deviation 450 MPa),
the corresponding strain was 0.013 (standard devia-
tion 0.00297), the Young’s modulus was 183 MPa
(standard deviation 32 MPa). For 12x the mean value
of tensile strength was 2815 MPa (standard deviation
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2a) steel tape 3x2

2b) steel tape 12x

Figure 2. Failure modes of steel tape.

Figure 3. Development of crack in correspondence of
stirrups.

400 MPa), the corresponding strain was 0.012 (stan-
dard deviation 0.0059), the Young’s modulus was
216 MPa (standard deviation 55 MPa). Experimental
results indicated that dispersion of results of steel spec-
imens was greater than carbon fibers: this was often
due to the geometrical configuration of cords that
induced slipping at the anchorage of specimens with
distortions and premature failure modes. In Figure 2
examples of failure modes of cords 3x2 and 12x are
reported.

3.2 Experimental cracking behaviour

The crack pattern was observed and documented for
different load levels until steel yielding. The pres-
ence of steel stirrups spaced of 100 mm influenced the
development of cracks during the load history (Fig. 3).
Only at failure condition more cracks formed between
stirrups.

In general no relevant difference in crack spac-
ing was observed for the unstrengthened and all the
strengthened beams; only at failure condition the
beams externally reinforced were characterized by a
smaller crack spacing with a crack pattern more irreg-
ular due to local debonding at the concrete-laminate
interface (Fig. 4). Crack width in the constant moment
region was measured by a mechanical deformome-
ter considering displacements of seven gages having
50 mm length as benchmarks.

In Figure 5 the experimental mean crack widths,
evaluated as the average of measures of gages where
almost a crack formed, are reported for all the beams
where the epoxy resin was used.

4a)

4b)

Figure 4. Cracking pattern: 4a) beam unstrengthened (D);
4b) beam strengthened (A1).
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Figure 5. Experimental values of mean cracks width.

The graph of figure 5 shows that the maximum
effect in terms of reduction in crack widths with
respect to the reference beam D is obtained when car-
bon fibers and steel 3x2 cords are applied. This effect
is greater when increasing the width of the external
bonded reinforcement. For the 3x2 steel cords hav-
ing the same area (125 mm2), crack widths are smaller
when 1 layer of 300 mm is used rather than 2 layers
of 150 mm. Effects of carbon and 3x2 steel reinforce-
ment having similar areas (3 layers and 1 layer having
bond length of 300 mm) are comparable. For the same
width of external reinforcement no relevant effect is
produced when the total area increases (for the 3x2
steel cords no sensible reduction of crack widths there
is using 1 or 2 layers). This phenomenon in the elas-
tic range of steel was already evidenced by Ceroni &
Pecce (2002). Before steel yielding the tension stiff-
ening effect is relevant but seems to be independent
on the amount of fibers if the bond length is the same
because in this behavioral range the constitutive and
bond laws are linear. After steel yielding, the tension
stiffening is greater when the external reinforcement

174



0

30

60

0 0.15 0.3 0.45wm (mm)

F (kN)

D
12x-epoxy
12x-cement.

1 layer-20cm

1 layer-20cm
2 layers-20cm

1 layer-20cm

Figure 6. Experimental values of crack widths.

area increases, due to the non-linear interface bond
relations.

For the beam strengthened with the 12x steel cords,
crack widths are similar to the reference beam (D),
evidencing that the external reinforcement had no sen-
sible effect. The 3x2 steel tape has an high-density,
respect to the low-density of the 12x steel tape.

In figure 6 the experimental values of crack widths
are reported for all the beams reinforced with the
12x steel tape. The graph confirms that the 12x steel
tape does not reduce crack widths with respect to
the unstrengthened beam D. The use of epoxy resin
compared to the cementitious grout produces a stiffer
behavior. Different adhesives have different bond laws
that are characterized by various shear moduli and
thickness of the layer. In general, due to the greater
thickness of the steel tape and to the higher den-
sity of the cementitious grout, the adhesive layers are
thicker giving less stiff bond relationships. Increas-
ing the number of layers of steel tape causes a small
reduction of crack widths.

To the aim of comparing the experimental and
model results in terms of cracking spacing and width,
a service load is defined for the bare and strengthened
beams as follows:

where Fu,th is the theoretical failure load obtained by
calculating the ultimate moment of the section taking
into account the nominal strength of materials reduced
by their safety factors: γs = 1.15 for internal steel rein-
forcement, γcfrp = 1.3 for carbon fibers and γsfrp = 1.3
for steel cords.

It is important to underline that this service load
definition is conventional; really the definition has to
be reviewed evaluating the effective strength of the
beam due also to the delamination crisis and not only
to the section crisis.

In Table 2 the following data are reported:

– the ultimate experimental load, Fu,exp;
– the ultimate theoretical load, Fu,th;

Table 2. Experimental results at service load.

Fu,exp Fu,th Fserv Wexp Srm,exp
Beam (kN) (kN) (kN) η (mm) (mm) n

D 48.3 40 27 1.8 0.120 100 11
A-1 86.7 84 56 1.5 0.179 100 11
A-2 120 108 72 1.7 0.165 100 11
A-3 100 108 72 1.4 0.246 100 11
B-1 88.3 80 53 1.7 0.250 95 11
B-2 73.3 80 53 1.4 0.325 85 12
B-3∗ 71.7 80 53 1.3 0.360 104 10
B-4∗ 86.7 104 69 1.3 0.264 100 10
C-1 96.7 99 66 1.5 0.237 94 10
C-2 135 120 80 1.7 0.182 106 9

∗With nails.

– the service load, Fserv, calculated according to
Eqn.7;

– the ratio η between the experimental ultimate load
and the service load;

– the mean experimental cracks width measured by
mechanical deformometer, wexp, at Fserv;

– the number of cracks, n, at Fserv;
– the mean crack spacing, srm,exp, at Fserv.

Considering the evolution of cracks during the load-
ing history of beams, the crack pattern observed at the
service load corresponds to a stabilized cracking situ-
ation, because no more cracks formed until the failure
when cracking became irregular. It is clear that the
service load is not the same for all the beams and that
crack width is higher for higher service load values.

4 THE ANALYTICAL MODEL

A model of cracking behavior of RC ties strengthened
with FRP laminates was dealt with by the authors and
used to calculate crack widths and spacing (Ceroni
et al., 2001; Ceroni & Pecce, 2003). The approach is
one-dimensional and uses non-linear constitutive rela-
tionship for materials and bond laws. Furthermore, the
formation of first crack and crack propagation could
be taken into account. The analytical results given by
the model were compared in terms of mean strain
and mean crack width with experimental data (Ceroni
et al., 2004) on RC ties externally bonded with FRP
laminates (Ceroni & Pecce, 2003).

The model is extended to beams considering the part
of beam in tension as a tie with a section equal to the
effective area of concrete in tension surrounding the
internal steel reinforcement. The tie element is rein-
forced with internal steel bars and external laminate
(Fig. 7).

The slip at steel-concrete and concrete-laminate
interfaces, ss and sl, can be defined as follows:
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Figure 7. Model definition.

where uct = displacement in concrete, us and ul = dis-
placements of steel and FRP along the bar direction.
The problem is based on the following equilibrium
equations:

where σs, σc, σl = tensile stresses in steel, concrete and
FRP laminates, τs and τl = bond stress of steel bar and
FRP at concrete interface,φ = bar diameter, bl = width
of laminate.

Finally the constitutive relationships of steel, FRP,
concrete and the bond–slip relations have to be
defined. To introduce any non-linear relationship,
equations are solved numerically by a finite difference
method using an iterative shooting procedure.The pro-
cedure is divided in two steps, assuming the hypothesis
that bond-slip behaviour of steel and FRP are indepen-
dent. The RC element is solved first, then assuming a
constant crack width along the section, i.e. sl = ss, the
FRP bond behaviour is analyzed.

The total tensile force at the cracked section is given
by the sum of the contributions of steel bar and FRP
laminate. For each load step the detailed distributions
of strains, stresses and slips along the entire element
are known. Therefore, the tensionstiffening behavior
of the element is defined calculating the mean strain
εsm, and the crack width is valuable as twice the slip
at the cracked section.

This procedure needs to establish the cracks spac-
ing that can be evaluated by the model introducing a
cohesive behaviour of concrete in tension (Ceroni &
Pecce, 2003). However, in this case the experimental

0.00
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0.30

0.45

0.00 0.15 0.30 0.45wexp [mm]

wcode
[mm]

EC2
ACI

D

Figure 8. Comparison between experimental values and
codes formulation for mean crack widths.

mean crack spacing is assumed as initial value because
an effect by stirrups position was observed.

5 THEORETICAL-EXPERIMENTAL
COMPARISON

5.1 Comparison with code formulation

The experimental mean cracks widths (wexp) at the ser-
vice load are compared in Figure 8 with the theoretical
values given by Eurocode2 (Eqn. 1) and ACI 318-99
(Eqn. 6); in the Eqn. 1 the experimental crack spacing
at the service load reported in Table 2 was used. Crack
spacing calculated assuming Act,eff = 2.5·B·c overes-
timates the experimental value that was influenced by
stirrups spacing.

In Eqn. 6, the effective concrete area in tension
surrounding each bar was estimated to be equal to
Act,eff = 2.5·B·c divided to the number of bars.

It is possible to notice that for the strengthened
beams the ACI code formulation overestimates the
experimental values.

5.2 Comparison with model

The numerical model is applied considering the exper-
imental constitutive relationship of steel, a linear
constitutive relationship for CFRP and SRP, the non
linear law developed by (Eligehausen et al., 1983) for
the bond behaviour of steel bar in concrete, and non-
linear bond behaviour of FRP without degradation near
cracks.

The bond behavior of fibers externally bonded
to concrete depends on the materials characteristics
and its definition is still not well established; the
fib bulletin 14 (2001) reports an example of bilinear
bond model developed by Holzenkämpfer (1994); this
bond law is characterized by significant points, τmax,
s1, smax.

A calibration of the FRP bond law was devel-
oped by comparing the theoretical and experimental
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0

30

60

90

0 0.06 0.12 0.18

F (kN)

exp. results-A2
model-A2
exp. results-C2
model-C2

Fserv  - C2

Fserv  - A2

wm (mm)

Figure 10. Crack widths for beams A2 and C2.

average strains, εm, of RC ties externally bonded
with carbon and glass fibres (Ceroni & Pecce, 2002).
It was evidenced that a reduction of τmax causes a
less stiff behaviour before steel yielding with a lower
yielding load. A reduction of smax gives a less stiff
behaviour after yielding; an increasing of s1 deter-
mines a greater deformability before yielding. By this
parametric analysis, the following bilinear law was
established:

τmax = 3 MPa; s1 = 0.05 mm; smax = 0.1 mm.

This bond law has probably to be re-calibrated for the
SFRP to account for the effect of the cementitious
matrix and the number of steel cords plies applied as
external reinforcement. The effective area of concrete
in tension is assumed equal to Act,eff = 2.5·B·c.

Some comparisons between the experimental crack
widths and the theoretical values given by the model
are reported in the following Figures (9–12). In Fig-
ure 9 the comparison between model and experimental
results is reported for the unstrengthened beam D.

In Figure 10 the comparison is reported for beamA2
and C2 having similar area of external reinforcement
(125 mm2 of 3x2 steel tape and 150 mm2 of carbon
fibers respectively) with the same width (300 mm) and
adhesive (epoxy).
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Figure 11. Crack widths for beam C1 and A1.
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Figure 12. Crack widths for beam A3.

In Figure 11 the comparison is reported for beams
A1 and C1 having similar area of external reinforce-
ment (62 mm2 of 3x2 steel tape and 75 mm2 of carbon
fibers respectively) with the same adhesive (epoxy).
For beam C1 the effect of two layers of carbon fiber
having different width (150 and 300 mm) is not well
replicated by the model.

In Figure 12 it is evident that for beamA3 the model
with the same bond law of carbon is not efficient.
This is probably because of the effect of two layers
of steel cords. Decreasing the maximum shear stress
to 1.5 MPa and increasing the corresponding slip to
0.1mm, in order to take into account the greater thick-
ness of adhesive layer, a better agreement with the
experimental results is obtained.

For beams reinforced with 12x cords, because of the
experimental crack widths are comparable or greater
than the unstrengthened beam D, it is clear that the
model need to be assessed with suitable bond law or
considering transversal effects.

In Table 3 in correspondence of the service load
the theoretical mean crack width given by the model,
wtheor , and the percent difference to the experimental
values, 	, is reported for the unstrengthened beam and
for the ones strengthened using carbon fibers and 3x2
steel cords.
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Table 3. Experimental and theoretical crack widths at
service load.

Beam Fserv. (kN) wexp (mm) wtheor (mm) 	(%)

D 27 0.120 0.11 8.3
A-1 56 0.179 0.179 −0.3
A-2 72 0.165 0.18 −9.1
A-3 72 0.246 0.21 14.6
C-1 66 0.237 0.205 13.3
C-2 80 0.182 0.166 8.8

6 CONCLUSIONS

The experimental results for cracking behaviour of RC
beams externally strengthened with composite mate-
rials made by carbon fibres or steel cords have led to
the following conclusions:

– at similar serviceability load, cracks widths are
smaller for increasing the width of laminate rather
than the area;

– the high-density steel cords and carbon fibres,
both impregnated with epoxy, give very similar
results when the area of external reinforcement was
the same;

– the low-density steel cords, bonded with cementi-
tious grout, seems to give a low tension stiffening
effect;

– nails distributed along the entire beam have no
effect on cracking behaviour;

– code formulations for evaluation of average cracks
width and spacing when an external composite
reinforcement is applied need further study.

Regarding the model proposed by the authors, when
assessed for RC ties externally strengthened with com-
posite materials, the model seems in good agreement
with experimental results also for beams. However, the
bond law has to be re-calibrated, taking into account
the type of material, number of layers applied and type
of adhesive.
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FRP confined concrete constitutive relationships
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Dept. of Civil Engineering, University of Salerno, Italy

ABSTRACT: In this paper some preliminary results of compression tests performed on concrete specimens
confined by fiber reinforced polymers (FRP) systems are presented. The test results are compared to some
numerical expressions proposed in the technical literature for the evaluation of the confined concrete strength
and ultimate strain. The comparison enables to evaluate the reliability of the analytical relationships.

Furthermore, the problem of the definition of a constitutive relationship able to simulate the behaviour of the
FRP confined concrete under compression is faced, introducing a new constitutive law obtained by modifying
the well known relationship proposed by Popovics. This law is extended to the case of FRP confined concrete by
introducing a linear expression to define the relationship between lateral and axial strain. In this way the iterative
procedure proposed by other authors to extend the abovementioned constitutive law to the case of FRP confined
concrete is avoided.

1 INTRODUCTION

A procedure for the reinforced concrete elements
strengthening which is characterised by the external
application of Fibre Reinforced Polymer (FRP) mate-
rials is imposing itself and spreading in the last years.
Often it consists of applying textiles made by glass
fibre (GFPR – glass fibre reinforced polymers), by
carbon (CFRP) or by aramid fibres (AFRP), sticking
them to the concrete support by means of resins.

The FRP materials present a linear-elastic stress–
strain behaviour; when they are used to confine the
concrete elements, this peculiar behaviour determines
an action of the confining system significantly dif-
ferent with respect to the one made by the traditional
systems, which use steel devices.

Actually, for these last ones, it is possible to
assume – as usually done for numerical modelling –
the activation of a constant confining pressure propor-
tional to the material yielding stress.

On the contrary, in the case of FRP the lateral pres-
sure developed by the confining system is variable
during the entire loading process and linearly increas-
ing with the lateral strain of the element. This causes
a substantial modification of the confined concrete
behaviour under compression.

The differences at the stress–strain constitutive law
level, with respect to the confinement offered by the
steel stirrups, have been evidenced during numerous
recently conducted experimental programs.

An advanced state of art on such topic is presented
in a recent volume written by Teng et al. (2002).

Contemporaneously to the experimental studies,
the development of analytical models implemented

in order to reproduce the stress–strain relationship
of the concrete confined by FRP has been recently
observed. The reliability of such models depends on
a correct definition of the strength (fcc) and of the
ultimate strain (εcc) of the confined concrete; these
parameters depend on the confining pressure (fl) and,
consequently, on the typology, the geometry and the
efficiency of the confining system.

The constitutive relationships currently proposed
follow two different approaches:

– from one side relationships obtained by adapting the
constitutive laws proposed for concrete confined by
steel elements are formulated;

– on the other side “ad hoc” constitutive relation-
ships, based on the experimental observation of the
behaviour of concrete specimens wrapped by FRP
systems, are proposed.

The first models, more accurate, generally require
complex solutions based on iterative procedures, in
order to introduce – in the case of FRP – an adequate
variation law of the confining pressure with the ele-
ment axial deformation. The second ones, simplest but
less accurate, frequently allow an easy implementation
in analytical models for the evaluation of the behaviour
of FRP confined R/C sections under axial load and
bending moment.

A constitutive relationship belonging to the first of
the two classes previously evidenced is presented in the
following; this relationship derives by the well known
constitutive law proposed by Popovics (1973) for the
ordinary reinforced concrete case.

The Popovics relationship was already success-
fully extended by other authors to the examined case
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(Spoelstra & Monti, 1999), but for the aforesaid
reasons, the adopted model currently requires the
implementation of an iterative procedure.

In order to avoid subsequent iterations, a simple
relationship between the lateral strain (which the con-
fining pressure depends on) and the axial strain is here
introduced.

2 CONSTITUTIVE RELATIONSHIPS FOR
THE CONFINED CONCRETE

A preliminary definition of the constitutive stress–
strain (fc–εc) relationship of the confined concrete is
needed in order to model the behaviour of confined
R/C members under bending moment and axial load.

In case of concrete confined with steel stirrups or
other metallic devices is frequently used the Popovics’
constitutive law:

where, fcc is the compressive strength of the con-
fined concrete; x = εc/εcc; εcc is the confined concrete
ultimate strain; r = Ec/(Ec − Ec,sec); Ec is the tangent
elastic modulus of unconfined concrete; Ec,sec is the
secant modulus (Ec,sec = fcc/εcc).

In order to describe the fc–εc law the evaluation of
the confinement pressure fl is needed since the com-
pressive strength fcc and the corresponding strain εcc
are dependent on such parameter.

In the case of concrete confined by using steel sys-
tems, the confinement pressure fl assumes a constant
value which is proportional to the yielding strength of
steel; in this case fcc and εcc are frequently obtained by:

proposed by Mander et al. (1988) and by Richart et al.
(1929) respectively.

In Equations (2) and (3) fc0 and εc0 are the uncon-
fined concrete strength and the corresponding strain;
the last one is generally assumed to be equal to 0.2%.

Equation (2) has also been applied successfully to
the case of FRP confinement systems and it is adopted
in the American Concrete Institute guide lines (ACI,
2002). However, since FRP materials have an elastic-
linear behaviour up to failure, the lateral pressure f1
provided by FRP systems is not constant, being pro-
portionally dependent on the lateral strain ε1 of the
concrete element. In particular, in case of cylindrical

elements wrapped by FRP materials the confinement
action can be expressed by:

where tj is the nominal thickness of the single FRP
layer, nl is the number of layers, Efrp is the Young’s
modulus of the FRP sheets and D is the diameter of the
cylindrical specimen.The parameter Cj then represents
the stiffness of the confining system.

Equation (4) can be used also for the case of square
specimens; however, in this case:

and D is the dimension of the side of the specimens.
According to Equation 4 the maximum value of the

confinement pressure is given by:

where εj,u is the failure strain of the FRP system.
It is well known that the failure of the confined ele-

ments happens for lateral strain values lower than the
ultimate strain values (εu,FRP) obtained by perform-
ing standard tensile tests on FRP sheets; generally the
suggested value is:

The main reasons of this reduction are:

– the concrete collapse may happen when axial and
lateral strains attain limit values before the ultimate
strain in FRP sheets has been reached;

– the system may be subjected also to local stress con-
centration due to a non-homogeneous deformation
of the concrete member;

– the fibers are generally misaligned for the presence
of voids or an inadequate surface preparation;

– the curved shape of the concrete element, especially
in case of square or rectangular cross sections at
corners with a small radius.

In order to estimate some of these effects, in a recent
paper Faella et al. (2004) proposed a coefficient less
than 1 to multiply the confinement pressure given by
Equation (5); such a coefficient (kc) can be obtained
by the following relation:

where dj is the fiber diameter, R is the corner radius,
α is a coefficient dependent on the quality of the
execution.
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According to Equation (6) the maximum value of
f1 given by Equation (5) can be rewritten as follows:

Obviously, in the case of cylindrical elements the
radius R – reported in Equation 6 – is equal to R = D/2.

Coming back to the constitutive relationship, it is
to be underlined that, on the base of what already said,
in the case of FRP, due to the impossibility to consider
as for the steel stirrups a constant lateral pressure, it
is necessary to define a relationship which gives the
confining pressure fl as function of the axial strain εc
of the system; indeed, varying the axial strain εc, the
transversal strain εl and – consequently – the confin-
ing pressure also vary; this determines a “step by step”
variation of the strength fcc and of the corresponding
strain εcc of the confined concrete. Therefore, rigor-
ously, the stress–strain relationship of the concrete
confined by FRP can be expressed as a function:

where it is necessary to define the relationship between
the confining pressure and the axial strain, i.e.–
according to Equation (4) – between the lateral and
axial strain of the compressive element.

Elaborating the model proposed by Pantazopoulou
and Mills (1995) for the unconfined concrete, Spoel-
stra and Monti obtained the following relationship:

where β is a constant depending on the concrete
mechanical properties (β = Ec/fc0 − 1/εc0).

Introducing Equation (9) and using the Equa-
tions (2) and (3) for the determination of fcc and
εcc as function of the lateral pressure, the Spoelstra
and Monti model allows to apply again the Popovics’
constitutive law implementing an iterative procedure.

3 CONFINED CONCRETE STRENGTH

In the last years, in addition to the Equation 2,
numerous relationships to estimate the strength fcc of
concrete elements confined by FRP systems were pro-
posed by several researchers; all these laws need the
evaluation of the confinement pressure fl.

Some of such relationships have been derived by the
well known one proposed by Richart et al. (1929) again
for the case of concrete confined by steel stirrups:

where kl was set by the Authors equal to 4.1.

The proposals for the case of FRP confinement sys-
tems are obtained by Equation (10) by modifying the
k1 coefficient; some of them are the following:

– Karbhari and Gao (1997): k1 = 2.1 (fl/fc0)−0.13

– Samaan et al. (1998): k1 = 6.0 (fl)−0.3

– Saafi et al. (1999): k1 = 2.2 (fl/fc0)−0.16

– Toutanji (1999): k1 = 3.5 (fl/fc0)−0.15

– Lam and Teng (2002): k1 = 2.15

A different type of expression has been recently
proposed by Spoelstra and Monti (1999):

In all the abovementioned expressions the confine-
ment pressure is evaluated by Equation (4).

All the relationships reported herein can be con-
sidered suitable only in the case of specimens having
a circular section. In the case of prismatic elements
the introduction of a further coefficient ks, known as
“shape coefficient”, needs; such a coefficient allows
to evaluate the efficiency of the confinement. In fact,
in the case of concrete specimens with square or rect-
angular cross section the confined area of concrete
Ac,eff is a portion of the total area Ac since an “arc
effect” may be observed (see Figure 1); the amount
Ac,eff depends on the radius R of the rounded corners.

Assuming that the arcs of parable shown in Figure 1
form – at both the ends – an angle of 45◦ with the sides
of the specimen, the coefficient ks can be obtained by
the following expression:

Therefore, the coefficient ks depends on the ratio
R/D between the radius R and the side dimension D
of the concrete specimen; as expected for R/D = 0.50
(circular section) ks is equal to 1.

According to the model shown in Figure 1, it is pos-
sible to estimate the value of strength of the confined

D-2R

R

D

-

-

R

Unconfined concrete

Confined concrete

Figure 1. Prismatic specimen geometry.
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concrete that can be obtained by performing tests on
prisms, by using the following relationship.

Furthermore, remembering Equation (10), fre-
quently used to evaluate fcc, Equation (13) can be
rewritten as follows:

The Eqs. (13) and (14) are obtained assuming that
when the load increases the non confined portion
(Ac − Ac,eff ) keeps its strength fc0 (i.e. there is not
degradation).

Furthermore, introducing in the (14) the abovemen-
tioned coefficient kc, it follows:

A different expression of the shape coefficient was
proposed by Mirmiran et al. (1998):

Such formulation was recently assumed by the new
Italian seismic code. It is to be noted that for R = D/2
(circular section) the (16) gives ks = 1 again.

4 CONFINED CONCRETE ULTIMATE
STRAIN

Even for the determination of the maximum values of
the axial strain, many proposals are in bibliography in
addition to the already seen (Equation 3).

First of all it is necessary to clarify that, generally,
it is to be distinguished the value εcc of the strain cor-
responding to the strength fcc, and the value of the
ultimate strain εcu. However, since the lateral pressure
induced by the FRP confining systems increases with
the axial strain, frequently the constitutive relationship
of the confined by FRP concrete, obtained by exper-
imental tests, does not present a “softening” branch,
i.e. the maximum compressive strength is reached for
a strain value εcc equal εcu.

Such two values are sometimes different (εcu > εcc)
when experimental tests are made by prismatic spec-
imens, in particular for low values of confinement
action.

Frequently used analytical formulations for the
ultimate strain estimation are:

– the Fardis and Khalili relationship (1982):

which, assuming εc0 = 0.002 and indicating with
εfrp,u the ultimate effective strain concerning the
confining system, can be written as:

– the Karbhari and Gao model (1997):

where the coefficient 5 which multiplies the fl/fc0
ratio is obtained for εc0 = 0.002.

– the Sieble et al. relationship (1997):

where ρfrp indicates the FRP volumetric ratio
( = 4tj/D, in the case of circular sections) and ffrp
the tension in the confining system;

– the Lam and Teng law (2002), valid for CFRP:

5 ANALYTICAL MODELS VS
EXPERIMENTAL RESULTS

In the following the above reported analytical expres-
sions given by the technical literature for the evaluation
of the strength and the ultimate strain of the concrete
confined by FRP are compared to some experimental
results.

The results concern an experimental test campaign
recently carried on at the University of Salerno.

The experimental programme is characterised by
140 specimens: 20 cylindrical and 120 prismatic. The
specimens are made of two different concrete typolo-
gies, having an average design cubic (15 · 15 cm)
strength equal to 20 and 35 MPa respectively and are
confined by carbon fibres sheets (CFRP).

In order to evaluate the influence of the confining
pressure, the wrapping is performed both by one and
by two sheets of CFRP; the same tests are also carried
out on unconfined elements.

The used carbon textile has unidirectional fibres;
the technical characteristic (mean values) of the non
impregnated sheet are the following:

– tensile strength: 4200 MPa;
– tension elastic modulus: 240 GPa;
– nominal thickness: 0.17 mm;
– ultimate strain: 1.75%.

The tests, performed controlling the displacements,
are divided as following: 50 tests characterised by the
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Figure 2. Compressive strengths of cylindrical specimens.

axial load applied in the centre of the cross section:
20 on cylindrical specimens (15 · 30 cm) and 30 on
prismatic (15 · 15 · 25 cm) ones.

In order to determine the influence of the specimen
shape, the prismatic ones are divided in three typolo-
gies, having different rounding radii of the corners
(R = 10, 20 and 30 mm).

The results obtained by the tests on confined and
unconfined cylindrical specimens show that the con-
crete strength more than doubles using for confining
only one CFRP sheet and becomes more than three
times using two of them. The larger increments are
found in the case of the “poorest” concrete.

In Figure 2 the confined concrete strength adi-
mensionalised with respect to the unconfined one is
reported as function of the ratio between the lateral
confining pressure and unconfined concrete strength.

Furthermore, in the figure two lines with the
following equations:

which better approximate the test data are shown.
The values of the angular coefficient kf of the two

lines, obtained for the two different concrete classes,
are evidenced in the graph.

Considering the (15) and the (6), being for cylindri-
cal specimens ks = 1 and in our case:

it is possible to estimate, for both the cases, the value
k1 which is in all the equations derived by the (10):

Assuming, for any concrete class, the precautionary
value kf = 3, it results:

y = 14.547x + 2

y= 14.184x + 2 
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Figure 3. Ultimate strain of cylindrical specimens.

Such value allows an immediate comparison with
the abovementioned k1 expressions (see section 3).

In Figure 3 the obtained ultimate strains are
reported, in addition to the trend lines with equation:

The values of the angular coefficient kε of the two
lines are evidenced in the graph.

Introducing even in this case the adjusted lateral
confining pressure given by the (7), and consequently
expressing the ultimate strain with the:

it can be deducted the k2 value as function of kε.
Assuming, for any concrete class, kε = 14, it is:

which is equal to the coefficient proposed by Lam e
Teng (2002).

After all, on the base of the shown test data, the two
following expressions are derived for the evaluation of
the strength and the ultimate strain, confirming other
results in literature:

The reliability of such expressions should be eval-
uated considering the results of other tests.

Finally, in Figures 4 and 5 the comparison between
the test data, the two proposed expressions and the
above reported bibliography models, is presented.
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strengths.

0

2

4

6

8

10

12

14

16

18

20

0 0.2 0.4 0.6 0.8 1
fl / fco

ε cc
/ε

c0

Richart et al.
Lam & Teng
Karbhari & Gao
Fardis & Khalili
Concrete strength = 35 MPa
Concrete strength = 20 MPa
Faella et al.

Figure 5. Modelling vs experimental results: concrete
strains.

The results obtained by the tests on confined and
unconfined prismatic elements show that the concrete
strengths largely depend on the bend radius of the cor-
ners: in particular increasing R an evident increment
of the fcc values can be observed.

For the prismatic specimens, in the three exam-
ined cases (R = 10, 20 e 30 mm), the coefficient
kc is respectively equal to: kc = 0.514; kc = 0.757;
kc = 0.838.

In Figure 6, for the specimens having R = 30 mm,
the comparison between the experimental strengths
and three analytical curves, denominated as y1, y2 and
y3, is shown. The curve y1 is obtained by:

i.e. using the shape coefficient given by Equation 12.
The curve y2 is provided by:

i.e. adopting the coefficient given by Equation 16.
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Figure 6. Modelling vs experimental results: concrete
strengths.
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Figure 7. Modelling vs experimental results: concrete
strains.

Finally, the curve y3 is obtained by the (15),
considering the coefficient ks given by the (12):

The analytical curves are evaluated assuming
k1 = 3.2, i.e. the value estimated by the Equation 25.

It is to be observed that the curves y1 and y2 respec-
tively represent an upper and a lower threshold which
contain the experimental points; instead, the curve y3
gives the intermediate values which better catch the
trend of the experimental data.

Finally, again for the case with R = 30 mm, Figure 7
shows the comparison between the ultimate strains
experimentally obtained and two analytical curves:
the Lam & Teng law and the one expressed by the
Equation (30). The comparison shows that both the
models quite well reproduce the experimental data.

6 AXIAL VS LATERAL STRAIN

As aforesaid, in order to model the confined R/C ele-
ment behaviour under any load type, the preliminary
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evaluation of the confined concrete constitutive rela-
tionship f–ε is necessary. This relationship allows to
reproduce the compressive behaviour of the section
portions where the passive confinement is effective.

The typical trend of the FRP confined concrete f–ε
curve shows two different branches.

Initially, for low axial strain, the mechanical
behaviour is essentially governed by the unconfined
concrete properties: during such phase very low lateral
strains can be observed and the confining system con-
tribution is almost negligible. As evidenced by many
researchers, when the axial strain is approximately
equal to 0.2%, the confined concrete strength is only
lightly larger than the unconfined one.

When the axial strain (and consequently the lat-
eral one) increases, the confining effect becomes more
evident; a progressive reduction of the curve slope is
observed till such curve becomes almost linear.

In this phase the behaviour is essentially governed
by the properties of the FRP confining system: the
concrete which is inside the FRP system progressively
loses its integrity because of the crack spreading and
the energy introduced in the system – initially absorbed
by the concrete specimens and by FRP system – is
mostly transformed in the elastic strain energy of the
FRP system.

The axial load carried by the specimen increases
until the fiber failure; however, the system is trans-
formed in a sort of container of a very cracked stony
material able to absorb only modest transversal loads.

The above reported observations allow to under-
stand why the ACI guidelines provide an upper thresh-
old equal to 0.4% for the maximum lateral strain of a
confined concrete element when transversal loads act.

Concerning the relationship between the lateral
ε1 and the axial εc strain, the compression tests
showed that such relationship significantly depends
on the confining system stiffness (the parameter Cj
introduced in Equation 4) and on the concrete strength.

In particular, for very low values of the axial strain
the concrete shows an almost elastic behaviour and the
relationship between the two strains can be described
with a linear law:

Therefore, the ratio:

is a constant about equal to the value v0 of the Poisson’s
modulus which characterises the elastic behaviour of
the unconfined concrete.

After this quasi-elastic phase, when the axial strain
increases, the parameter λ grows until a maximum
value λmax; subsequently it decreases towards an
asymptotic value λu generally larger than v0.

Mirmiran & Shahawy (1997) formulated the fol-
lowing relationship for the estimation of the maximum
λ value based on a regression analysis of experimen-
tal data:

They also provided a similar relationship for the
evaluation of the asymptotic value, given by:

Therefore, for high values of the axial strain – gen-
erally larger than 0.5%÷1%–the relationship between
lateral and axial strain can be described by the follow-
ing linear formula (Xiao & Wu, 2000):

By experimental tests, Xiao and Wu (2001) esti-
mated the ε10 value (in such case it was ε10 = 0.047%).

Other formulae for the λu evaluation have been
proposed; in particular, the followings may be remem-
bered (Xiao & Wu 2001; Chun & Park 2002):

7 A NEW CONSTITUTIVE MODEL

The use of the Popovics’ constitutive law in the case
of FRP confined concrete needs the implementation
of the Spoelstra & Monti iterative procedure.

In order to simplify such procedure the relationship
between lateral and axial strain given by Equation (38)
is adopted in the following; this means to assume a con-
stant value of λ for all the loading process, neglecting
its real variation; for a further simplification ε10 is
neglected. By such assumptions it is still possible to
use the Popovics’ law without the iterations proposed
by Spoelstra and Monti.

The parameter λ to be introduced in the (38)
has been evaluated by estimating the λ value which
minimize the scatter between an experimental stress
strain curve and the corresponding analytical curve
obtained applying – by the above described proce-
dure – the Popovics’ model. Such optimal value evalu-
ation procedure was repeated many times, examining
the experimental f–ε law obtained by several authors.
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The obtained λ values and the curve which better
interpolates the estimated points are shown in Figure 8
for different values of the ratio Cj/fc0.

The trend curve assumes the equation:

In Figure 9 the comparison between such trend
curve, the curves concerning the laws expressed by
the (37), (39) and (40) and many experimental points
gained by compression tests on cylindrical specimens,
is reported; the test data are obtained as lateral-axial
strain ratio at the specimen failure.

It is to be underlined that, due to the fact that the
(40) – proposed by Chun and Park – also depends on
the confining system ultimate strain, three different
values of such parameter varying in a possible range
are considered when this curve is plotted.

In Figure 10 a comparison between some stress-
strain experimental curves and the curves obtained
both by applying the iterative procedure by Spoelstra
and Monti and by using the here proposed modified
Popovics’ model, is shown.

For the evaluation of the curves concerning the
modified Popovics’ model, the formulation presented
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Figure 10. Analytical vs experimental constitutive
relationship.

in the section 2 is adopted, substituting the Equation 9
with the following relationship:

The results obtained for the two reported cases,
concerning tests performed by different authors, are
evidently very good; however, it is to be said that the
curves simulated by the Popovics modified relation-
ship are part of the adopted data in the determination
phase of the λu modulus.

After all, the obtained relationship needs a further
validation by a comparison with new experimental data
in order to test the actual reliability.

8 CONCLUSIONS

In this paper the problem of the definition of a consti-
tutive law of the FRP confined concrete able to well
simulate the experimental behaviour is studied.

In order to pursue this aim, the well known
Popovics’ relationship is considered and an applica-
tion of this constitutive model which does not request
any iteration is proposed. At this purpose a simple
linear relationship between lateral and axial strain
of the FRP confined element is formulated, and an
equivalent Poisson modulus – which is the angular
coefficient of the aforesaid linear relationship – is esti-
mated. Such evaluation of the modulus has requested
the examination of numerous experimental data found

186



in bibliography. The obtained constitutive law seems
to be reliable; however, a further evaluation phase of
the proposed model is necessary on the base of new
experimental data.
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Debonding in FRP strengthened RC beams: comparison between
code provisions

C. Faella & E. Martinelli
Dept. of Civil Engineering, University of Salerno, Italy

E. Nigro
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ABSTRACT: Managing with existing structures is one of the most frequent tasks for today’s structural engi-
neers. One of the most effective way for improving the flexural strength of RC members consists in bonding
FRP laminates at their soffit in order to upgrade the existing steel bars. For this reason, strengthening RC beams
by Externally Bonded FRP laminates is getting more and more common and the following Code Provisions have
been issued in various countries. One of the most important problems to be faced when managing FRP strength-
ened beams deals with the possible premature failure due to debonding between the adhesive layer and concrete.
Various code provisions will be examined and compared in the present paper for obtaining some indications
about the different safety levels achievable after complying them.

1 INTRODUCTION

In the last decade a lot of research efforts have
been carried out for understanding the behavior of
reinforced concrete beams strengthened by exter-
nally bonded FRP. The key subject of these studies
is the mechanical characterization of the FRP-to-
concrete adhesive interface. Different contributions
about this topic have been summarized and com-
pared by Chen & Teng (2001). Roberts (1988) pro-
vided a simplified model for evaluating interface
stresses in FRP (or even steel) strengthened beams;
simplified equations for evaluating shear and nor-
mal stresses throughout the FRP-to-concrete inter-
face have been provided by assuming linear elastic
behavior of the adhesive interface. Moreover, Saadat-
manesh et al. (1998) provided similar relationships
even obtained under simplified hypotheses for the
interface behavior; both experimental and numerical
comparisons pointed out that applying simplified ana-
lytical formulae results in a close approximation of
the complex stress pattern developing throughout the
interface.

After these studies and various relevant field
applications, strengthening RC beams by Externally
Bonded FRP laminates is getting more and more com-
mon and the following Code Provisions have been
issued in various countries:

– fib bulletin 14 (2001) in Europe;
– ACI 440 (2002) in the United States;
– JSCE Recommendations (2001) in Japan.

One of the most important problems to be faced
when managing FRP strengthened beams deals with
the possible premature failure due to debonding
between the FRP laminate and concrete. Indeed, that is
one of the most widely studied phenomena in the scien-
tific literature dealing with FRP strengthening of RC
members, both under the experimental and theoretical
standpoint (Faella et al., 2002). Codes of practice take
the main conclusions of such studies to provide differ-
ent recommendations for checking bond effectiveness
under both serviceability and ultimate limit state.

In the present paper, the main provisions dealing
with bond checks and given by the three documents
listed above will be compared in order to point out the
main parameters which they depend on. Moreover, the
different level of severity of the various methods will
be emphasized and the role played by the mechanical
models and by the values assumed for the mechani-
cal properties will be emphasized as well. In this way
it will be possible to state why the check procedure
suggested by a code could be more or less severe than
the others and which are the relationships between the
models on which they are based. The performances of
the examined methods will be also verified on the basis
of some experimental tests available in the technical
literature or conducted by the authors.

2 OVERVIEW OF THE MAIN CODES

Before going in depth about the different method-
ologies provided by the various codes for checking
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the safety of the FRP strengthened RC members, it
is important to emphasize that the experimental evi-
dence demonstrates that additional failure modes can
be observed for a FRP strengthened RC beam with
respect to the usual RC members in flexure. For exam-
ple, JSCE Recommendations (2001) introduce the
following failure modes for the Ultimate Limit State:

– crushing of concrete after yielding of steel rein-
forcement;

– concrete crushing;
– anchorage failure of the continuous fiber sheet;
– fiber-sheet-to-concrete interface failure due to the

progress of flexural cracking and shear cracking;
– breakage of the continuous fiber sheet after yielding

of steel reinforcement.

The first two modes deals with the flexural strength
of the strengthened section and can be checked by
considering the usual hypotheses for the section behav-
ior, mainly consisting in assuming that plane sections
remain plane after beam deformation: strain offset can
be assumed for scaling the FRP strain with respect to
the one of the beam suffit due to initial strain gener-
ally present in beam before strengthening ( fib bulletin
14, 2001). On the contrary, the last three failure modes
depends on the presence of the FRP as a strengthening
element. Indeed, the last one consisting in FRP tearing
is quite unlikely to occur, especially for carbon fibers,
due to the significant strength of fibers. Premature
failure due to loss of bonding is much more usual to
occur instead of FRP rupture. For this reason the third
and the fourth failure modes have to be checked as ulti-
mate limit states for FRP strengthened beams; the three
codes listed in the introductory chapter suggest differ-
ent methodologies for checking this ULS condition.

Finally, it is interesting to underline that the pres-
ence of the externally bonded FRP strengthening
results in further checks even for at the Serviceabil-
ity Limit State. However, only the european document
( fib bulletin 14, 2001) provides an explicit check for
interface stresses with the aim of controlling the long
term damage.

In the next sections, the various provisions will be
shortly overviewed and compared one another in terms
of their mechanical meaning and implications.

2.1 ACI 440.2 R-02 (2002)

The ACI 440 (2002) document provides a simple
implicit way for verifying that premature failures due
to loss of bonding could not occur neither in the
anchorage zone nor throughout all the interface length.
In other words, it assumes a limited strain development
in the FRP plate when determining the ultimate bend-
ing moment of the strengthened section.The following
relationship is suggested:

where the κm factor can be evaluated as follows
(ACI440/02-Eq. 9.2):

In every cases κm must be lesser than 0.90. Equa-
tions (1) and (2) point out the key role played by the
FRP axial stiffness represented by the product Ef tf
between its Young’s Modulus and thickness; indeed,
the number nf of plies utilized in the strengthening
intervention magnifies the effect of the FRP axial stiff-
ness in reducing the effective strain that can be utilized
for developing the ultimate bending moment without
debonding due to premature failure.The FRP contribu-
tion to the bending nominal bending moment defined
by the ACI provision is generally reduced by multiply-
ing the FRP tensile stress by the parameter �f = 0.85.
Moreover a coefficient φ must be also considered
for obtaining the ultimate bending moment, resulting
in an equivalent reduction of the effective strain in
FRP, named “design value” in the following. Both
curves referred to nominal and design value (obtained
for φ = 0.9) of the effective strain are represented in
Figure 1, but in the following only the strain design
values will be considered.

No specific controls dealing with Serviceability
Limit States are provided by ACI 440 (2002), other
than the ones that apply for usual reinforced con-
crete members (stress limitation in service, deflection
check etc.).

2.2 JSCE recommendations

The Japanese Code of Standards (JSCE Recommen-
dations, 2001) introduces an explicit methodology for
checking the FRP strengthened beams against the pre-
mature failure due to loss of bonding. A double check
procedure is provided consisting in assessing that no
loss of bonding occurs neither in the anchorage zone
nor along the adhesive interface. Pull out tests and the-
oretical studies (see, for example, Faella et al., 2002)
have pointed out that the ultimate strength of a FRP-to-
concrete adhesive joint depends on the fracture energy
Gf (mainly in mode II) of concrete and of the Young’s
Modulus and thickness of the FRP plate. Based on
these experimental and theoretical findings, the fol-
lowing check can be carried out for verifying that
the FRP plate subjected to a tensile stress σf in cor-
respondence of the first bending crack of the beam
does not fail due to anchorage failure (JSCE Rec./
2001 – Eq.6.4.1):
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Indeed, the distance ranging between the end sec-
tion of the FRP plate and the position of the first
flexural crack should affect the ultimate strength of
the FRP-to-concrete adhesive joint (see Faella et al.,
2002). Nevertheless, no relationships have been sug-
gested by the japanese code to account for this effect.
Moreover, a quite similar relationship is proposed for
checking the adhesive interface between two adjacent
flexural cracks against the loss of bonding. Such a
check can be carried out by verifying that the following
inequality holds (JSCE Rec./2001 – Eq.6.4.2)

between the axial stress variation 	σf throughout two
subsequent cracks and the corresponding interface
strength 	σf ,max,JSCE. Consequently, no substantial
difference exists between the verification formulae
suggested for anchorage and interface check against
loss of bonding (namely, equations (3) and (4)).

Finally, it is useful to remember that a value
Gf = 0.50 N/mm can be assumed in lack of specific
experimental pull-out tests. Moreover, a crack dis-
tance ranging between 150–250 mm is suggested to
be assumed in evaluating the stress variation 	σf .

2.3 Fib bulletin 14

fib bulletin 14 (2001) is not just a code of standard in a
strict sense, but is aimed to collect the most important
contributions about verifying FRP-strengthened RC
members. For this reason, it is possible to find more
than one approach for facing the problem of the safety
verification of strengthened members. That is the case
of RC beams strengthened by externally bonded FRP
whose verification of the adhesive interface against
premature failure phenomena can be carried out by
means of three quite different approaches. The second
one will be presented in detail and utilized in the next
sections of the present paper. The first and the third
ones can be summarized as follows:

– according to approach #1 the anchorage verifica-
tion can be carried out essentially by controlling
that a relationship like equation (1) holds. Indeed, a
reducing factor accounting for the distance between
the end of the FRP plate and the first crack is also
provided. Moreover, debonding failure throughout
the adhesive interface is prevented by limiting FRP
ultimate strain to an effective value ranging between
0.0065 and 0.0085. Such a latter provision is com-
pared in Figure 1 to the strain limitation imposed by
equations (1) and (2) according to ACI 440 (2002).

– Even according to approach #3 a verification of the
end anchorage is provided just like the one pro-
vided in approach #1. On the contrary, premature

Strain Limitation in FRP at ULS
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Figure 1. Effective FRP strain limitation for avoiding pre-
mature failure according to two different code provisions.

failure throughout the interface is obtained in terms
of shear stress evaluated in a simplified way by con-
sidering the case in which steel bar are elastic or
yielded.

Beyond the great apparent difference characterizing
the various approaches under the formal standpoint,
Faella et al. (2003) pointed out that a substantial equiv-
alence could be recognized between such methodolo-
gies by assuming suitable values for the mechanical
properties utilized in calculations.

Finally, it is important to underline that an explicit
stress limitation in service is provided by the european
document based on the Roberts simplified model for
evaluating interface shear stress throughout the FRP
interface with particular attention to the FRP cut-off
section.

2.3.1 Ultimate Limit State according to
Approach #2

Approach #2 is surely the most original and organic for
verifying Ultimate Limit State against FRP interface
loss of bonding. It works in a way that is not so differ-
ent by the JSCE methodology. First of all anchorage
verification can be carried out utilizing equation (3).
A possibly reduced strength due to an insufficient dis-
tance between FRP cut-off section and the first crack
for developing the transferring length throughout the
FRP-to-concrete joint can be considered.

Stress check against delamination between two
adjacent cracks can be carried out by means of a
relationship like the following one:

A quite complex relationship can be stated for eval-
uating 	σf ,max,fib accounting for both crack average
distance srm and the initial stress σmin between the
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two cracks and the fracture energy Gf of the adhesive
interface:

Figure 2 shows the relationship between the inter-
face strength between two adjacent cracks estimated
according to JSCE and fib provisions (determined for
a given value of srm and Gf ).

fib bulletin also provides relationships for esti-
mating the average distance to be assumed between
flexural cracks; Figure 3 shows the evaluation of the
stress variation 	σf ,i and the corresponding maximum
value 	σf ,max,i (by omitting the subscript “fib” for the
sake of brevity) according to the general relationship
(6) ; such calculations have to be carried out for each
segment between two adjacent cracks.

The possible definition of the global safety factor
SF for the analyzed beam can be stated as follows:

which gives the analytical condition because the stress
verification against interface loss of bonding does not
occur.

2.3.2 Serviceability limit state
Stress limitation under service loads is imposed to
interface shear stress evaluated according to a lin-
ear elastic analysis; a simplified formula is suggested
(Roberts, 1988):

where Vx=0 and Mx=0 are the shear force and the
bending moment in the FRP cut-off section.

Shear stress evaluated by equation (8) can be com-
pared with a suitable strength for the adhesive inter-
face. Fib bulletin assumes fctk as a limit for interface
shear stress, being fctk the characteristic value of the
concrete tensile strength.

Two important remarks have to be pointed out
before going to the next sections:

– no mention is done about interface normal stresses,
arising as well as shear ones, and even affecting the
FRP-to-concrete interface behavior;

– quasi-permanent load condition is considered in
evaluating Vx=0 and Mx=0 to determine interface
shear stress according to equation (8); the choice
of such a load combination is likely due to the aim
of controlling long terms behavior of the adhesive
interface.

With reference to the last remark, it is important to
observe that stress limitation during service life of
beam must be also aimed to control interface defor-
mations in order to verify that they remain within
the elastic threshold; interface slips overcoming the
elastic range of the ideal bi-linear relationship (also
represented in Figure 2) would result in progressive
interface damage under cyclic loads. For this reason it
would appear more rational to refer the above check
to rare load combination to strictly control the possi-
ble excursions of the interface slip beyond the elastic
range.

3 CODE PROVISIONS AND EXPERIMENTAL
RESULTS

The relationships reported and commented above for
performing the ULS check against failure due to loss
of bonding have pointed out the key role played by
the axial stiffness of the FRP plate represented by the
Ef tf parameter. Experimental evidence confirms the
general trend resulting in a substantial reduction of
the FRP effective strain as Ef tf parameter increases.
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Figure 4. Experimentally observed values of the FRP strain
at debonding.

Figure 4 shows the values measured in experimen-
tal tests on FRP-strengthened beams in flexure failing
after FRP debonding. The general trend interpreted by
equation (1) and (2) according to ACI 440 document
is confirmed by the distribution of the experimental
points on the plane.

Indeed, scatter affecting the experimental measures
is not negligible, but the ACI curve generally fit very
closely the points representing them. For this reason,
such a curve will be often taken as a reference in the
following figures.

4 PARAMETRIC ANALYSIS

The present section deals with presenting the main
results of a wide parametric analysis carried out on
a typical RC member strengthened by FRP; such an
analysis is aimed to point out the key differences
among the various verification methods under the
quantitative standpoint. A simply supported ribbed
slab typical of RC floors and roofs is considered
(Figure 5).

Such a structural member is characterized by a
typical tee shaped section (Figure 6) whose fixed
dimensions are listed in Table 1.

The other parameters are assumed variable in the
following ranges:

– the span length to slam depth L/Ht ranges between
20 and 30;

– the steel geometric percentage ranges between 0.2
and 0.4%;

– the sustained load gk is a relevant parameter if
we suppose that no propping systems would be
present during the strengthening intervention; its
value is chosen as a fraction of the ultimate load
of the unstrengthened section. Let Mg and Mu,0 be
the bending moment due to gk and the ultimate
flexural strength of the unstrengthened section,

Figure 5. Structural scheme of the RC ribbed slab consid-
ered in the parametric analysis.

As

hw

bw

ts

Figure 6. Transverse section of the slab.

Table 1. Fixed dimensions of the transverse section.

Dimension symbol Length [mm]

Bs 500
bw 100
ts 40
Ht 200

respectively: in the following parametric applica-
tion the Mg/Mu,0 ratio ranges between 0.1 and 0.90;

– the distance a between the FRP-cut-off section and
the slab support is assumed ranging between 0
and L/4.

The cases generated by combining the various
numerical values of the parameters listed above have
been analyzed according to the provisions of the main
codes of standards in order to obtain the value of the
maximum live load qk resulting in debonding failure
when combined with the sustained load gk. Accord-
ing to fib bulletin – Approach #2 such a value can
be found by imposing the equality condition in rela-
tionship (7). In such a manner, the ultimate value of
the resisting bending moment Mu of the strengthened
beam achieved before debonding occurs can be eval-
uated and the corresponding values εf,e of the strain
developed in FRP can be obtained. No details about
the numerical procedure adopted in calculations will
be provided here, other than it deals with the hypothesis
of plane sections for beams and works with non-
linear constitutive loads for structural materials (fiber
approach has been adopted for evaluating the force
and the moment corresponding to normal stresses in
concrete).

A similar procedure can be carried out for determin-
ing the effective values εf ,e of FRP strain according to
JSCE Recommendations.
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Figure 7. fib bulletin – Approach #2: FRP effective strain
versus axial stiffness (L/Ht = 20 – Mg/Mu,0 = 0.1–0.9).
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Figure 8. fib bulletin – Approach #2: FRP effective strain
versus axial stiffness (L/Ht = 25 – Mg/Mu,0 = 0.1–0.9).

The first series of figures (from Figure 7 to Figure 9)
deals with quantifying the axial strain developed in
the FRP plate in correspondence of the external load
resulting in interface debonding according to fib bul-
letin provisions.

Even Figure 7, Figure 8 and Figure 9 show that
the resulting effective values for FRP axial strain are
generally much lower than the corresponding values
provided by equation (1) and (2) according to ACI 440
provision.

By comparing the above referred figures it is pos-
sible to recognize a slight influence of the spanlength-
to-beam-depth ratio on the FRP strain which tend to
increase with thickness itself.

In each one of the same figures three different val-
ues of the distance a between the external support
and the FRP cut-off section have been considered. The
greater strain values develop when a = 0 is considered;
in such case the beam failure is uniquely due to loss
of bonding throughout the interface (generally in cor-
respondence of the section where steel yields), while
no anchorage crisis occurs. In the other cases (a = L/8
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Figure 9. fib bulletin – Approach #2: FRP effective strain
versus axial stiffness (L/Ht = 30 – Mg/Mu,0 = 0.1–0.9).

and a = L/4) both failure modes can be observed; for
the smaller values of the Ef tf parameter, the effec-
tive strain developed in FRP plate is not significantly
affected by distance a. On the contrary, the a parameter
becomes significant when Ef tf increases; for example,
with reference to the case a = L/8, a sudden change
can be observed between the first points and the ones
obtained for greater Ef tf values; this fact means the
two different failure modes occur in the two cases
depending on Ef tf .

The sudden switching between the two failure
modes can be clearly observed in Figure 7, Figure 8 and
Figure 9 where anchorage crisis (resulting in very low
strains developed in FRP) prevent the bonding failure
throughout the interface as Ef tf increases. Moreover,
anchorage failure for a = L/4 is more frequent to occur
than in the case of a = L/8, as one could easily foresee.

Calculation resulting in Figure 7, Figure 8 and
Figure 9 have been conducted with reference to a frac-
ture energy value determined according to fib docu-
ment (Gf = 0.117 N/mm).

It is important to observe that experimental find-
ings and theoretical models (Faella et al., 2002) show
fracture energy values generally greater than the one
assumed by the European document; effective strain,
values closer to the ACI ones, could be obtained by
adopting such values for Gf .

Figure 10 shows the difference between fib and
JSCE methodologies under the quantitative stand-
point. Due to the fact that 	σf ,max,JSCE is always greater
than 	σf ,max,fib for a given value of fracture energy
Gf and crack spacing srm. Black points in Figure 10
are generally characterized by larger effective strain
values.

The effect of fracture energy on the effective
axial strain developed in FRP when loss of bond-
ing occur is showed in Figure 11 with reference to
JSCE Recommendations for the cases of a = L/8.
Two values have been considered for Gf : the first
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Figure 10. Comparison between codes in terms of FRP
effective strain (Gf is always assumed according to the values
provided by fib for fck = 20 MPa – Mg/Mu,0 = 0.1–0.9).
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Figure 11. JSCE Recommendations: FRP effective strain
depending on fracture energy value (Mg/Mu,0 = 0.1–0.9).

one (Gf = 0.117 N/mm) is obtained according to
fib document provisions for concrete, whose com-
pressive strain is fck = 20 MPa; the second one
(Gf = 0.50 N/mm) is suggested by JSCE in lack of
experimental data about FRP-to-concrete adhesive
joint. Figure 11 shows that effective strain obtained
assuming the latter one is between twice and three
times the corresponding one determined for the for-
mer value (as it would be possible to foresee because
interface strength in equation (4) is proportional to
the square root of Gf ). Moreover, Figure 12 shows the
influence of crack spacing assumed in equations (6):
generally speaking, verification are as severe as crack
spacing increases. For this reason, in Figure 12 points
determined for closer cracks result higher than the cor-
responding ones obtained for the greater value of srm.

The next three figures deals with the Mu/Mu,0 ratio
between the ultimate bending moment Mu of the FRP-
strengthened section and the corresponding value Mu,0
characterizing the unstrengthened one.

0.000

0.003

0.005

0.008

0.010

0 50000 100000 150000 200000 250000 300000

Eftf [N/mm]

εf,e

fib bulletin 14 - approach #2

Srm = 130 mm

Srm = 260 mm

 fck=20 MPa
(Gf=0.117N/mm)

Figure 12. Influence of crack spacing on the resulting effec-
tive strain for FRP according to fib bulletin – Approach #2
(Mg/Mu,0 = 0.1–0.9).
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Figure 13. fib bulletin – Approach #2: ultimate bending
strength ratio depending on FRP cut-off to support distance
(L/Ht = 20 – Mg/Mu,0 = 0.1–0.9).

The importance of the failure mechanism on the
effectiveness of the strengthening intervention has
been already pointed out in the previous figures where
FRP strains developed when debonding are hugely
affected by anchorage failure. Figure 13, Figure 14
and Figure 15 confirm such a trend emphasized in the
previous ones. All the figures referred above show that
Mu/Mu,0 ratio (and, consequently, the effectiveness of
the strengthening intervention itself) increases with
Ef tf parameter for a = 0. On the contrary, if a > 0 the
anchorage failure can occur resulting in a progressive
decrease of the Mu/Mu,0 ratio after a given value of
the Ef tf parameter. Reduction in Mu/Mu,0 ratio when
a = L/4 is generally greater than the case of a = L/8
because the greater the distance a, the more prone is
the beam to fail in anchorage. Sometimes the Mu/Mu,0
ratio is lesser that one because anchorage crisis occurs
for external loads lower than the ones corresponding
to the ultimate bending moment of the unstrengthened
member. Comparing Figure 13, Figure 14 and Fig-
ure 15, Mu/Mu,0 ratio seems to be not so affected by
the L/Ht ratio.
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Figure 14. fib bulletin – Approach #2: ultimate bending
strength ratio depending on FRP cut-off to support distance
(L/Ht = 25 – Mg/Mu,0 = 0.1–0.9).
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Figure 15. fib bulletin – Approach #2: ultimate bending
strength ratio depending on FRP cut-off to support distance
(L/Ht = 30 – Mg/Mu,0 = 0.1–0.9).

Finally, it is interesting to observe the differences
between Ultimate Limit State versus Serviceability
Limit State in terms of the maximum value of the net
load qk complying with both the conditions mentioned
above. Only the fib document provides an interface
stress limitation. For this reason the following three
different conditions, always dealing with fib bulletin
14 provisions, have been considered:

– ULS verification against loss of bonding;
– SLS verification under the quasi permanent com-

bination (as suggested by fib bulletin);
– SLS verification under the rare load combination

(as needed for limiting the interface deformations
within the elastic range and, consequently, crisis due
to progressive damage).

The resulting values of the net load obtained accord-
ing to the three verifications listed above are repre-
sented in Figure 16 and Figure 17 with respect to Ef tf
parameter. For the adhesive stiffness in equation (8)
a value Kh = Ga/ta = 1000 N/mm3 have been consid-
ered. Figure 16, obtained assuming a = L/8, shows
that SLS verification against quasipermanent load
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Figure 16. fib bulletin 14: comparison between the net live
load against ultimate and serviceability check for loss of
bonding (a = L/8 – Mg/Mu,0 = 0.1–0.9).
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Figure 17. fib bulletin 14: comparison between the net live
load against ultimate and serviceability check for loss of
bonding (a = L/4 – Mg/Mu,0 = 0.1–0.9).

combination never controls the net load value. On the
contrary, SLS verification under the rare load combi-
nation is generally in the same range of the ULS check.

On the contrary, in Figure 17 (a = L/4) SLS con-
dition, especially under rare load combination, often
controls the value of the resulting net load.

5 CONCLUSIONS

The main codes provisions dealing with strengthen-
ing RC members by externally bonding FRP plates
have been compared even under the conceptual and
quantitative standpoint.

Analogies and differences among them have been
emphasized and shortly commented. All the consid-
ered provision for the ULS consist in substantially
similar assumptions dealing with the fact that stress
variation between two flexural cracks has to be con-
trolled for avoiding loss of bonding. In a substantially
equivalent way, the FRP strain can be limited by a suit-
able effective value, possibly depending on the FRP
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characteristics. A parametric analysis shown that a
quantitative equivalence can be recognized by utiliz-
ing suitable values of the key parameters (namely, the
fracture energy Gf ). In fact, effective strains evaluated
according to fib provisions are generally lower that the
ones suggested by ACI document; however, experi-
mental results pointed out that larger values should be
assumed for Gf parameter.

Another key aspect has been finally focused by
emphasizing the relationship between ULS and SLS
conditions on the resulting value of the net load of the
strengthened member.
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Numerical modeling of RC beams strengthened with CFRP
under dynamic loading
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ABSTRACT: In recent years, strengthening of tensile face of reinforced concrete beams with fiber reinforced
polymer (FRP) sheets has been increased as a popular approach for flexural strengthening of reinforced concrete
(RC) beams. This paper presents a combined finite/discrete element method based on 2D and 3D modeling of a
strengthened RC beam subjected to dynamic loadings. Complexity of interaction of different contact elements
in the form of discrete element method and taking to account all failure criteria including cracking in concrete
or delamination of CFRP composite laminates from concrete substrate and etc. makes it necessary to do such
an analysis for considering complex mechanism of failure. The proposed approach adopts a node to face contact
based delamination control to simulate the inter-FRP-RC interactions. The validity of developed algorithm is
verified by solving available standard and experimental tests from the literature.

1 INTRODUCTION

Different approaches have been developed to retrofit
existing structures due to their damage by loads higher
than the design service loads, or by chemical pro-
cesses due to aggressive environmental conditions.
Plate bonding for structural strengthening was utilized
in the early 1960s and was used primarily in France
and South Africa. Klaiber et al. (1987) & Lander et al.
(1981) studied the use of epoxy-bonded steel plates to
strengthen bridge girders in Europe, South Africa, and
Japan. Later, in 1982 the technique of applying fiber
reinforced polymer (FRP) sheets to the tensile face of
reinforced concrete (RC) beams were developed for
flexural strengthening by Meier (1978) in Switzerland.
Because of unique advantages of FRP composites in
comparison to the conventional steel bars and plates,
such as high strength-to-weight ratio and considerably
good resistance to corrosion, they have been widely
applied to the strengthening and upgrading of struc-
turally inadequate or damaged concrete structures.
Later, the effectiveness of glass-FRP plates bonded
to the tension face of the RC beams was experimen-
tally investigated by Saadatmanesh & Ehsani (1991).
Extensive research has been carried out on the numer-
ical modeling of concrete beams strengthened by
FRP composite. Although finite element analyses
(FEA) have been carried out on plated RC beams
(Zhang et al. 1997, Ziraba 1995, Arduini et al. 1995,
Quantrill et al. 1995, He et al. 1997, Jerome et al.
1997, Rahimi et al. 2001), little success has been

made in simulating debonding failures, especially for
beams which are under dynamic loads. This is pri-
marily because of the complexity of the problem and
the interaction of different interfaces between con-
crete, steel, FRP plate and adhesive layer. The problem
becomes extremely difficult when the RC beam is
loaded dynamically, where different geometry, stiff-
ness and interaction between the interfaces before
and after debonding or cracking of the RC beam is
expected in any new time step. Therefore, adopting a
proper debonding model for the adhesive layer and
a fracture criterion for concrete cracking is essen-
tial for an accurate simulation. In FEA, there are two
major approaches representing cracking in concrete
structures; discrete and smeared crack approaches.
The smeared crack approach which defines a reduced
equivalent continuum has some deficiencies such as
mesh sensitivity, incapability for taking into account
the new geometry and its trend to spread the crack
formation over a region of the structure so unable to
accurately predict the local fracture failures (Rahimi &
Hutchinson 2001).The other essential part of the simu-
lation is the bonding/ debonding behavior of the adhe-
sive layer. In recent years, many efforts have been made
to study the interfacial bonding/debonding behaviors.
Taljstentheoretically derived a linear equation that cal-
culates the load carrying capacity of FRP-bonded
concrete prism under uniaxial tensile loading. More
investigations of FRP-concrete interfacial bond mod-
els were reported by Yuan et al. (2001) and Nishida
et al. (1999), in which several types of nonlinear shear
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Figure 1. Interfacial debonding failure mode (Zhishen et al.
2003).

stress versus relative displacement (τ–δt) relationships
were proposed.

By examining the results of a wide range of experi-
mental tests, debonding failures in flexurally strength-
ened RC beams may be broadly classified into two
types: plate end debonding (including cover separa-
tion failure and plate end interfacial debonding) in
which failure starts from one of the plate ends due
to local stress concentration, and intermediate crack
induced debonding in which debonding starts from
either a flexural crack or a flexural shear crack (Teng
et al. 2002). In the cover separation failure microdiag-
onal cracks that occur in the interfacial concrete finally
connect together and lead to the delamination of FRP
sheets (Fig. 1b). In this case, it is assumed that the
bond strength of adhesive layer is relatively high. The
other type of debonding happens within epoxy adhe-
sive layer, which is mainly due to weak or imperfect
bond (Fig. 1a). In both of these cases one flexural crack
locally occurs at mid span from which the debonding
initiates and propagates, no matter if the interfacial
debonding happens within adhesive layer or though
interfacial concrete.The second major type of debond-
ing is schematically shown in Figure 1c, in which
a secondary diagonal shear or flexural crack occurs
beside the first flexural concrete crack at mid span.
Then, the debonding starts to propagate from the root
of the secondary diagonally shear or flexural crack
(Zhishen et al. 2003).

In this study, a new approach has been devel-
oped which utilizes a combined finite/discrete ele-
ment method. The proposed algorithm consists of full
material and geometry non-linearities. The Sprenger
(Sprenger et al. 2000) criterion is adopted for model-
ing the bonding behavior of FRP-concrete interface.To
verify the performance of the proposed algorithm an
experimentally tested RC beam subjected to dynamic
loading is simulated and the results will be discussed
(Jerome et al. 1997).

2 PRINCIPLES OF MODELING

In this simulation, a combined finite/discrete element
method is utilized. All types of non-linearity in mate-
rial or geometry are considered in this study. Using
an “explicit central difference time integration tech-
nique” reduces the time of computation, especially for
large models. Cracking in the concrete material is con-
sidered using a non-linear fracture mechanic method
on the basis of plasticity theory and utilizing discrete
elements.

The discrete element method, utilizes the principles
of penalty based contact mechanics enforcing virtual
springs to tie degrees of freedom. Also for modeling
bonding/debonding behavior of FRP-concrete inter-
face a mixed mode model was used on the base of
Hashin criterion with a bilinear strain softening model.

The use of discrete elements in problems with
changing geometry in successive time steps, with its
capability of remeshing and adaptivity, provides us
with a powerful numerical tool for modeling com-
plex problems. In fact, creation and propagation of
crack in a structure can be geometrically followed by
remeshing of the finite elements (Mohammadi 2003).

For 3D problems, mixed mode debonding model
of FRP-concrete interface developed and Drucker-
Prager material model was used in concrete. The over-
all failure of the model was investigated by monitoring
the maximum principal stress.

3 MATERIAL MODELING

There are three major fracture and failure behavior
in concrete structures strengthened with FRP com-
posites. So, it’s essential to assume proper material
models and a suitable delamination criterion in order
to conduct a successful simulation.

3.1 Concrete material model

The compressive behavior of concrete was modeled by
Drucker-Prager material model and an associated flow
rule. The Rankine fracture model is utilized to model
the concrete behavior in tension while a bilinear strain
softening relation is adopted for a smooth non-local
release of energy.

3.2 CFRP material model

The behavior of CFRP is assumed to be linear elastic
and orthotropic till unidirectional CFRP sheets reach
their tensile strength as no rupture in CFRP sheets
has been reported in experimental tests (Jerome et al.
1997).

3.3 Material model for FRP-concrete interface

Debonding in FRP-concrete interface is one of the
major failure modes in strengthened RC beams. In the
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proposed algorithm, a 3D Hashin model is adopted
to predict initiation of interfacial debonding. Primary
model has established on the base of softening time
independent plasticity model.

Assuming large deformations (though small
strains), the rate of the Green-Lagrangian strain ten-
sor is decomposed into an elastic and an inelastic
parts. The inelastic strain rate follows the associated
flow rule:

Here, C is the elasticity matrix for plane isotropic
behavior of the material. S is the stress matrix, λ is
the inelastic coefficient and F is the yield function.

The Hashin delamination criterion is a function of
interlaminar stresses S

33
, S

13
, S

23
, tensile strength in

direction of the thickness Z0 and tangential strength of
layer R0.

A plot of the criterion is shown in Figure 2. The yield
function F(S, α) is obtained by reformulation of the
delamination criterion:

Z(α) is a linear softening function as follows:

And it is depicted in Figure 3. The variable α can be
assumed as the equal inelastic strain. The parameter µ

Figure 2. Delamination criterion of Hashin.

Figure 3. Softening function.

describes the slope of the softening function Z(α). It is
a material parameter and can be determined from the
critical energy release rate Gc, tensile strength Z0 and
the thickness of the intermediate layer hT :

The rate of the internal variable is defined with the
evolution law:

The gradient of the yield function is derived as
follows:

Substitution of Equation 11 into Equations 1–3 and
introducing a backward Euler integration algorithm
within a time step tn+1 = tn + 	t yields:
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Where subscripts n and n + 1 denote the quantities
of the known converged configuration at time tn and
tn+1, respectively. Updating the internal parameter α
is performed using a backward Euler integration:

Linearization of the stress tensor has to be derived
for the finite element formulation.After some algebric
manipulations we end up with the consistent tangent
matrix:

With:

4 NUMERICAL SIMULATION

Different classes of problems are simulated to assess
the performance of the proposed algorithm. The first
one examines the debonding phenomenon in a buck-
ling analysis of a composite panel, and the second
one simulates an experimental CFRP strengthened
RC beam.

4.1 Numerical simulation of a composite beam

A pre-cracked unidirectional composite panel as
depicted in Figure 4 is subjected to an incrementally
increasing loading until the local and global buckling
modes occur (Mohammadi & Forouzansepehr 2003).

Figures 5 and 6 show the predicted buckling modes,
where the local and global buckling modes occurred
at loads 1410 lbf/in. (246.93 N/mm) and 7310 lbf/in.
(1280.18 N/mm), respectively. The results are com-
parable to the loads 1312 lbf/in. (229.77 N/mm) and
7821 lbf/in. (1396.67 N/mm), reported by Progini
(Fig. 6).

4.2 Example beam and material properties

A strengthened RC beam, reportedly tested by
Jerome & Ross (1997), was analyzed in this study.
The dimensions of the simply supported beam were
3 × 3 × 30 in. (7.62 × 7.62 × 76.2 cm). There was no

Figure 4. Geometry of a composite panel with an initial
interlaminar crack.

Table 1. Material properties of composite panel.

Value Value

Parameter ksi MPa Parameter lbf/in. N/mm

Exx 20200 139274.1 G∗∗
IC 0.5 0.0876

Ezz 1410 9721.6 G∗∗
IIC 0.5 0.0876

Eyy 1410 9721.6
Gxy 810 5584.75 Unitless
Gyz 546 3764.54 νyz 0.29
X∗

T 220 1516.85 νxy 0.29
Y∗

T 6.46 44.54 νxz 0.29
X∗

C 231 1592.69
Y∗

C 36.7 253.04
S∗ 15.5 106.87

∗ Parameters of Hoffman yield criterion.
∗∗ Fracture energy release rate.

Figure 5. Local and global buckling modes.
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Figure 6. Displacement versus time in local and global
buckling modes.

tensile steel in the beam, while the beam was strength-
ened by CFRP panels.

The size of the CFRP panels was 3 × 30 in. and each
was composed of three plies. The adhesive material
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Figure 7. Tup load–time curve (Jerome et al. 1997).

Table 2. Concrete material model parameters.

Parameter Value

E0 (initial tangent modulus) 2.4 × 104 MPa
ν (Poisson’s ratio) 0.2 (unitless)
ft (Uniaxial cut-off tensile strength) 4.35 MPa
fc (Uniaxial maximum compressive 46.4 MPa

strength)
σt (Uniaxial ultimate compressive 39.5 MPa

strength)
ρ (mass density) 1892.7 kg/m3

Table 3. CFRP material model parameters.

Parameter Value

0◦ Tensile strength 2206.9 MPa
0◦ Tensile strength 137.9 GPa
Fiber volume 60%
Cured three-ply thickness 0.4953 mm
ρ (mass density) 1577.25 kg/m3

used to bond CFRP panels was a thixotropic, modified,
two part epoxy.

In order to determine the dynamic behavior of
beams externally reinforced with CFRP panels, a
series of drop-weight center-point loading were con-
ducted (Jerome et al. 1997). Dynamic loading curve
versus time was achieved by converting voltage-vs-
time signal of a series of electrical resistance strain-
gages to load-vs-time signal as shown in Figure 7.

Properties of concrete and CFRP panels used in
this test are given in Tables 2 & 3. Experimental

Figure 8. Finite element mesh and boundary conditions.

Figure 9. Cross section of the beam.

observations showed that final failure in strengthened
concrete beams using CFRP tensile sheets was flex-
ural cracking of concrete beams at nearly mid span
and delamination of CFRP sheets afterwards. The fol-
lowing sections discuss 2D and 3D finite element
simulations of the mentioned test.

4.3 Numerical simulation and discussion for 3D

Because of the symmetry of loading and geometry
only half of the beam was modeled by assuming suit-
able boundary conditions as depicted in Figure 8.
8-noded cubic elements were used for modeling of the
FRP sheet and concrete beam. In the concrete beam
the size of elements were gradually increased due to
their distance from bottom of the beam by an increas-
ing ratio of 0.7−1 as shown in Figures 8 & 9. No contact
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Figure 10. Delamination growth in CFRP plate at time step = .00047 s (0 = fully bonded, 1 = delaminated).

Figure 11. Delamination growth in CFRP plate at time step = .00075 s (0 = fully bonded, 1 = delaminated).

Figure 12. Contour of maximum principle stress in Pa at time step = .00075 s.

interface elements are used in adhesive layer and the
contact of adjacent elements was conducted by a node
to face contact method. For the concrete part 1200 ele-
ments were used and CFRP sheets were composed of
630 8-noded cubic elements.

There is a lack of information for adhesive mate-
rial. Descriptive Properties of adhesive layer, like
fracture energy release rate and bond strength are taken
0.5 N/mm and 4 MPa respectively.

Delamination of CFRP sheet from concrete beam
was approximately started at 470 µs at middle of the
beam and propagated toward the support. At 750 µs
one fifth of the total length of FRP sheet has been
debonded from bottom of the beam as shown in
Figures 10 & 11.

As it is observed from Figure 12 the maximum prin-
ciple stress has exceeded from the tensile strength
of concrete in the middle part of the beam which
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is an indication of occurrence of flexural cracking.
The extent of delamination in interlaminar layer to
one-fifth length of FRP sheets beside the excess of
principle stress from the tensile strength of concrete
occurs at 750 µs which is closely similar to the exper-
imental observations by Jerome et al. (1997) where
failure of the beam was reportedly occurred at 730 µs.

The displacement history at mid span of the beam,
computed in the numerical analysis, was plotted
against the time in Figure 16, marked by circular point
compared to full line which shows the displacement
resulted from the experimental tests.

The existing differences of resulted displacements
in numerical simulation comparing to experimental
results, can be attributed to the fact that the simulated
beam has more stiffness than the tested beam which is
a consequence of elastic behavior of concrete in tensile
regime without any tensile fracture. Figures 10 & 11
show debonded region of CFRP sheet from mid span
at 470 µs and 750 µs in which bright gray shows the
debonded region.Also, Figure 12 shows the maximum
principle stress contour at 750 µs.

4.4 Numerical simulation and discussion
for 2D modeling

The same beam modeled in section 4.3 is considered.
Properties of concrete, CFRP panels and adhesive
layer were exactly the same as previous model. As
cited in Jerome et al. (1997) it was observed that flex-
ural cracks occurred between 400 µs till 500 µs and
by 600 µs, the cracks ran to the upper surface of the
beam, which is in a close agreement with results of the
performed simulation.

Data, from an strain gage, located on the bottom
center of the beam, indicated an abrupt change of slope
in the strain-vs-time curve at about 430 µs, indicat-
ing crack initiation has occurred. Another strain gage,
located on the original neutral axis of the beam also
indicated failure at about 430 µs. Another strain gage,
located at 2.75 in. (6.985 cm) from the bottom of the
beam, showed a change of slope in strain vs. time at
about 555 µs, indicating the crack(s) had reached the
upper surface of the beam. A post-test damage assess-
ment indicated a single flexural crack had formed at
the beam’s midpoint.

Analysis was conducted in a plane stress state. Tri-
angular plane stress elements were used for concrete
beam and CFRP sheet. The size of these elements
varied due to their distance to CFRP sheet, so those
elements adjacent to CFRP sheet had a size of 0.001 m
and elements adjacent to top of the beam had a size
of 0.01 m. The elements of CFRP sheet had a size of
0.00025 m which was decomposed of two layers of
elements through the thickness. Details of the mesh
are shown in Figure 13. The behavior of CFRP sheet
was assumed to be elastic, due to its high strength and

Figure 13. Finite element mesh and boundary conditions.

Figure 14. Cracking pattern at time step = .00046 s.

Figure 15. Cracking pattern at time step = .00075 s.

the experimental observations. Also, cracking behav-
ior of the concrete beam in tensile regime was taken
into account by assuming a Rankine bilinear strain
softening model.

The results show that flexural cracks were propa-
gated at the bottom part of mid span at 460 µs (Fig. 14).
These flexural cracks started to propagate from two
distinct origins; both of them were very close to mid
span. Later, these cracks started to develop to upper
surface of the beam in time interval of 460 µs to
750 µs. They reached to top of the beam at 750 µs
(Fig. 15).

Then, at 0.00113 s those distinct cracks were
attached to each other. Later, at 0.00127 s some signs of
delamination were observed at bottom of the beam and
at 0.00132 s delamination started to develop gradually.

At 0.00136, flexural cracks attached to each other
at middle of the beam, while at 0.00145 s, more cracks
were appeared and increased. At 0.00165 s micro-
cracks started to develop from about mid height of
the beam toward the left side (Fig. 17). Propagation
of these cracks increased, so that at 0.00171 s they
reached to bottom of the beam and it finally created
a complete flexural cracking beside microcracks at
bottom of the beam (Fig. 18). It is notable that the loca-
tion where cracks stopped is exactly the same location
where delamination of CFRP sheets stopped. It can be
seen from the results that the creation and propaga-
tion of cracks have occurred at the peak point of the
loading.

Also, the displacements computed from the simula-
tions were plotted against experimental displacements
at mid span in different time steps with rectangu-
lar points marking the displacements computed from
the present analysis (Fig. 16). Acceptable agreement
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Figure 16. Comparision of mid point displacement vs. time for different solutions.

Figure 17. Cracking Pattern at time step = .000165 s.

Figure 18. Cracking pattern at time step = .00174 s.

between the present modeling and tested results is an
indicator of the validity of the algorithm.

5 CONCLUSION

This paper has presented a discrete crack model based
on finite element analysis method for fiber reinforced
polymer (FRP) plated reinforced concrete (RC) beams.
A mixed coupling model for simulation of delam-
ination of FRP sheet from concrete substrate was
developed on the base of Hashin criterion. The pro-
posed approach adopts a node to face contact based
delamination control to simulate the linear-FRP-RC
interactions. Conducting analyses in 2D and 3D and
comparing the results with the test results showed that
flexural cracking continued by delamination of FRP
sheet from mid span is a major failure mode of the
beam under dynamic loading induced by an impact
hammer. In 3D analysis considerable difference in
displacements show that assuming a suitable fracture
model for concrete is indispensable for true prediction
of overall behavior and failure mode. Close agreement
between test results and performed analysis showed

that the proposed algorithm for modeling this type of
problems may effectively be used.
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Strengthening of RC columns with inadequate transverse reinforcement

A. Ilki, V. Koc, O. Peker, E. Karamuk & N. Kumbasar
Istanbul Technical University, Istanbul, Turkey

ABSTRACT: In this study, CFRP jacketed RC columns with low concrete strength and inadequate transverse
reinforcement were tested under compression. The diameter of the longitudinal bars and the spacing of the
transverse bars were designed to allow premature buckling of the longitudinal bars under axial stresses. The
effects of the jacket thickness, cross-section shape, corner radius and the bonding pattern of CFRP sheets
were investigated experimentally. The test results showed that CFRP jacketing of this type of columns was
very effective in terms of deformability and strength enhancement. The buckling of the longitudinal bars was
delayed significantly by the CFRP jackets. All the specimens with circular, square and rectangular cross-sections
experienced a remarkable enhancement in strength and deformability. While the strength enhancement was more
pronounced for the specimens with circular cross-section, specimens with square and rectangular cross-sections
exhibited higher ultimate axial deformations. Specimens with greater corner radius reached relatively higher
strengths.The compressive strengths and the corresponding axial deformations of the columns were also predicted
by the empirical equations proposed by the authors before. It was seen that the predicted strength and ultimate
axial deformations were in reasonable agreement with experimental data.

1 INTRODUCTION

In earthquake prone countries, many existing RC
structures suffer from low quality of concrete and lack
of adequate confinement reinforcement. In such cases,
brittle behaviour and/or buckling of the longitudinal
re-bars may cause premature strength degradation of
the structural members. Wrapping these members by
high strength carbon fibre reinforced polymer (CFRP)
composite jackets can enhance both the axial strength
and deformability of the members significantly and
prevent the buckling of the longitudinal reinforcement.

Various studies proved that significant enhance-
ment in compressive strength and deformability of
concrete is possible by external confinement using
high strength FRP composite sheets. The studies of
Fardis and Khalili (1982) and Nanni and Bradford
(1995) are among the initial research works on con-
finement of concrete members with FRP composites.
Karbhari and Gao (1997), Toutanji (1999), Saafi et al.
(1999), Fam and Rizkalla (2001) and Becque et al.
(2003) developed extensive experimental data for
cylinder specimens, for a variety of fibre types, ori-
entations and jacket thickness, either for FRP jacketed
concrete or concrete filled FRP tubes. Demers and
Neale (1999) tested reinforced concrete columns of
circular cross-section with FRP jackets. Rochette and
Labossiere (2000), and Wang and Restrepo (2001),
tested square and rectangular concrete columns con-
fined by FRP composites. Wang and Restrepo (2001)

adopted, Mander’s model (1988) for the stress–strain
behaviour of FRP wrapped concrete. Xiao and Wu
(2000) investigated the effect of concrete compressive
strength and thickness of CFRP jacket and proposed
a simple bilinear stress–strain model for CFRP jack-
eted concrete. Tan (2002) tested half scale reinforced
concrete rectangular columns with a section aspect
ratio of 3.65 under axial loads and investigated the
effects of fibre type and configuration and fibre
anchors on the strength enhancement of the columns.
Ilki and Kumbasar (2002) tested both damaged and
undamaged cylinder specimens, which were externally
confined with different thickness of CFRP jackets,
under monotonic increasing and repeated compressive
stresses. Based on experimental results they proposed
simple expressions for ultimate strength and corre-
sponding axial strain of CFRP jacketed concrete. Lam
and Teng (2002) carried out an extensive survey of
existing studies on FRP confined concrete and pro-
posed a simple model based on a linear relationship
between confined concrete strength and lateral con-
fining pressure provided by FRP composites, which
was quite similar to the model proposed by Ilki and
Kumbasar (2002) before. Ilki and Kumbasar (2003),
after testing CFRP jacketed concrete specimens with
square and rectangular cross-sections modified the
expressions that they have proposed before to cover
non-circular cross-sections. Lam and Teng (2003a,
2003b) proposed design oriented stress–strain mod-
els for both uniformly and non-uniformly confined
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concrete members. Ilki et al. (2004) tested FRP jack-
eted low strength concrete members with circular
and rectangular cross-sections, and stated that when
the unconfined concrete quality was lower, the effi-
ciency of the FRP jackets was higher. De Lorenzis and
Tepfers (2003), stated that none of the available models
could predict the strain at peak stress with reasonable
accuracy.

In this study, experimental results on the compres-
sive behaviour of 13 low strength reinforced concrete
column specimens strengthened by CFRP jackets are
presented. The test parameters of this study were:

– CFRP jacket thickness (0.165, 0.495 and 0.825 mm)
– Cross-section (circular, D = 250 mm, square,

250 × 250 mm and rectangular, 150 × 300 mm)
– Corner radius (10, 20 and 40 mm)
– Wrapping pattern (continuous and as straps in the

form of hoops and spirals).

Test specimens were produced with low strength
concrete (f ′

c = 10.9 MPa), plain reinforcement and
inadequate transverse reinforcement for simulating
many existing structures, particularly in developing
countries. f ′

c is the standard cylinder strength of
concrete at 28 days of age.

Test results indicated that external lateral confine-
ment by CFRP jackets improved the compressive
strength and deformability of the specimens, as well
as retarding the buckling of the longitudinal re-bars.

The empirical equations proposed by Ilki et al.
(2004) for the compressive strength and ultimate
axial deformation of CFRP jacketed concrete gave
acceptable results.

2 SPECIMENS

2.1 Details

Specimens were specially designed to reflect the
existing vertical structural members in many devel-
oping countries. For this purpose low quality concrete
and plain reinforcement were used during specimen
production. 3 specimens with circular, 5 specimens
with square and 5 specimens with rectangular cross-
sections with the height of 500 mm were constructed.
Longitudinal reinforcement ratios, ρ1, were around
0.01 for all specimens, while the volumetric transverse
reinforcement ratio, ρh, were 0.007, 0.005 and 0.008
for specimens with circular, square and rectangular
cross-sections, respectively. Reinforcement arrange-
ment was designed to obtain approximately equal s/d
(s, transverse reinforcement spacing, d, longitudinal
bar diameter) ratios for specimens with different cross-
sections to investigate the effects of buckling of the
longitudinal bars. Cross-sections and reinforcement
details are given in Figure 1. General information
about the specimens are given in Table 1.
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Figure 1. Cross-sections and reinforcement details
(units: mm).

Table 1. Specimen details.

f ′
co Section r

Specimen (MPa) shape n (mm) L.R. T.R.

LS-C-1-a 12.8 C 1 – 6φ10 φ8/145
LS-C-3-a 12.8 C 3 – 6φ10 φ8/145
LS-C-5-a 12.8 C 5 – 6φ10 φ8/145
LS-R-1-1-40a 13.5 S 1 40 4φ14 φ8/200
LS-R-1-3-10a 13.5 S 3 10 4φ14 φ8/200
LS-R-1-3-20a 13.5 S 3 20 4φ14 φ8/200
LS-R-1-3-40a 13.5 S 3 40 4φ14 φ8/200
LS-R-1-5-40a 13.5 S 5 40 4φ14 φ8/200
LS-R-2-1-40a 13.5 R 1 40 4φ12 φ8/175
LS-R-2-3-40a 13.5 R 3 40 4φ12 φ8/175
LS-R-2-3-40a-H 13.5 R 3 40 4φ12 φ8/175
LS-R-2-3-40a-S 13.5 R 3 40 4φ12 φ8/175
LS-R-2-5-40a 13.5 R 5 40 4φ12 φ8/175

In this table, f ′
co is the concrete strength of the mem-

ber on the test day, n is the number of CFRP plies
and r is the corner radius of the cross-section. C, S,
R, L.R. and T.R. represent circular, square, rectan-
gular cross-sections and longitudinal and transverse
reinforcements, respectively.

To prevent stress concentrations on the corners of
the non-circular specimens, corners were rounded to
40 mm radius, while corners of 2 specimens were
rounded to 10 and 20 mm to examine the effects of
corner radius on the behaviour. Two specimens were
wrapped with hoop and spiral type CFRP straps to
investigate the effects of the different wrapping pat-
terns. Note that, both for specimen LS-R-2-3-40a-H
(with hoop type straps) and LS-R-2-3-40a-S (with
spiral type straps), the straps were 50 mm wide and
bonded on the specimens with 50 mm clear spacing.

Specimen names were given in the form of: LS (low
strength) – R (cross-section type, either Rectangular or
Circular) – 2 (cross-sectional aspect ratio) – 3 (number
of CFRP plies) – 40a (corner radius) – H (wrapping
pattern).
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Table 2. Concrete mix proportion and compressive
strength.

Property Value Unit

Cement 150 kg/m3

Water 210 kg/m3

Sand 638 kg/m3

Gravel 982 kg/m3

Stone powder 286 kg/m3

Fly ash 40 kg/m3

Admixture 1.14 kg/m3

Slump 210 mm
FDAST 310 × 310 mm × mm
f ′
c,28 10.9 MPa

f ′
c,90 13.9 MPa

f ′
c,180 15.9 MPa

FDAST: flow diameter after slump test.

Table 3. Reinforcement properties.

Bar

Property φ8 φ10 φ12 φ14 Unit

d 8.0 10.1 12.2 13.8 mm
fy 476 367 339 345 MPa
εy 0.0024 0.0018 0.0017 0.0017 mm/mm
fsmax – 523 471 477 MPa
εsmax – 0.19 0.23 0.23 mm/mm
fsu – 377 335 294 MPa
εsu – 0.27 0.30 0.31 mm/mm

2.2 Materials

Specially designed ready mixed concrete was used
for all specimens for obtaining low concrete strength.
Standard cylinder compression tests were carried out
at the ages of 28, 90 and 180 days. The concrete
mix-proportion and standard cylinder compressive
strengths at different ages (f′c,j) are presented inTable 2.
In the mixture, ordinary Portland cement with the 28
days strength of 42.5 MPa and admixture (degussa
YKS® MR25 S mid-range superplastisizer) were used.

The number and the diameter of the longitudi-
nal bars were arranged to obtain approximately equal
longitudinal reinforcement ratio.Transverse reinforce-
ment spacing of circular, square and rectangular spec-
imens were 145, 200 and 175 mm, respectively. A
clear cover of 20 mm was formed for longitudinal
reinforcement at the bottom and top faces of the speci-
mens for preventing direct loading of reinforcing bars.
Reinforcement properties are given in Table 3.

In Table 3, fy, fsu and fsmax represent the yielding
stress, ultimate stress and tensile stress of the rein-
forcement, respectively. εy, εsu and εsmax are tensile
strains corresponding to fy, fsu and fsmax, respectively.

Table 4. Mechanical and geometrical properties of CFRP.

Property Value Unit

Characteristic tensile strength 3430 MPa
Characteristic tensile modulus 230000 MPa
Maximum tensile strain 0.015 mm/mm
Effective area per unit width 0.165 mm2/mm
Unit weight 1820 kg/m3

Figure 2. Specimen production.

FRP materials behave linear elastic till rupture. The
effective thickness of the CFRP sheets was 0.165 mm
for one layer. The geometrical and mechanical proper-
ties of the CFRP sheets are given in Table 4. These
properties are taken from the specifications of the
manufacturer.

2.3 Construction

Specimens were produced in the Structural and Earth-
quake Engineering Laboratory and cured in the same
conditions for 7 days, Figure 2.

The specimens were tested after strengthening with
1, 3 and 5 plies of CFRP sheets. All the speci-
mens were jacketed externally by unidirectional CFRP
sheets in transverse direction with 0-degree orien-
tation. Before wrapping the specimens with CFRP
jackets, surface preparation procedure was carried out,
which included sanding, cleaning, forming one layer
of epoxy-polyamine primer and one layer of epoxy
putty, Figure 3.

Then epoxy adhesive was used for bonding CFRP
sheets on the specimens. Additional layers of epoxy
adhesive were applied between the CFRP jacket plies
and on the outer ply of CFRP jacket when more than
one ply was wrapped, Figure 4. The compressive and
tensile strengths of the epoxy system were around 80
and 50 MPa, respectively. Tensile elasticity modulus
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Figure 3. Primer and putty application.

Figure 4. CFRP wrapping.

and ultimate elongation of the epoxy system were
around 3000 MPa and 0.025, respectively. The steps
during jacketing were carried out with great care to
prevent stress concentrations due to surface irregu-
larities and to obtain the tight fitting of the CFRP
jackets on the specimens. For obtaining satisfactory
bonding, 150 mm overlap length was formed at the end
of the wrap. In the cases of wrapped jacket to be more
than one ply, the sheet was wrapped continuously and
150 mm overlap was formed at the end of the wrap.

3 TESTING PROCEDURE

The specimens were tested under monotonic uniax-
ial compressive loads by using an Amsler universal
testing machine with the capacity of 5000 kN. Two
different gauge lengths were used for measurement
of average axial strains by displacement transducers.
For this purpose, four transducers in the gauge length
of 270 mm and four transducers in the gauge length of
500 mm were used, Figure 5. Axial and lateral strains
were measured at mid-height by surface strain gauges

50
0

27
0
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4x CDP50 

2x
PL-60-11-1L

Figure 5. Test setup (units: mm).

with the gauge length of 60 mm for all of the speci-
mens. For specimens with circular cross-section, two
vertically and two horizontally bonded strain gauges
were used with 180 degree intervals around perimeter,
for non-circular specimens vertical strain gauges were
bonded on two opposite sides. For specimens with
square cross-sections two horizontal strain gauges
were bonded on two opposite sides. For rectangular
specimens two horizontal strain gauges were bonded
on short and long sides. To obtain the deformations of
the longitudinal and transverse reinforcement, strain
gauges were used with the gauge lengths of 5 and
3 mm, respectively. For data acquisition a 50 channel
TML-ASW-50C switch box and a TML-TDS-303 data
logger were used. General appearance of the test setup
is shown in Figure 5.

As also mentioned by Mirmiran and Shahawy
(1997), the average axial strains measured by the
displacement transducers were quite close to the mea-
surements recorded by the strain gauges, consequently
in this paper, the given axial strains were obtained
by the measurements of the displacement transducers,
unless otherwise is mentioned.

4 TEST RESULTS

All specimens failed due to rupture of CFRP sheets
at high axial strain levels around mid-height. The rup-
ture of CFRP sheets was only one vertical cut with
the height of 200–250 mm for the jackets of 1 ply, 3–4
vertical cuts with the heights of 20–70 mm for the jack-
ets of 3 plies and more vertical cuts of lower heights
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Figure 6. (a) LR-1-1-40a, (b) LS-R-1-3-40, (c) LS-C-3-a,
(d) LS-C-5-a.

for the jackets of 5 plies. For square and rectangular
specimens, rupture of the sheets was around the cor-
ners just after the rounded portion. Some of the tested
specimens are shown in Figure 6.

The test results are given in Table 5. In this table,
f ′
cc and εcc are the confined concrete strength and

corresponding axial strain, εch is the maximum mea-
sured lateral strain and εco is the strain corresponding
to unconfined concrete strength. εco was assumed as
0.002 in this study. As seen in this table, with respect
to unconfined concrete, for specimens with circular
cross-section compressive strengths increased about
130, 340 and 560% for CFRP jackets of 1, 3 and
5 plies, respectively. The strength increase for CFRP
jacketed specimens with square cross-section were 50,
180 and 280% for 1, 3 and 5 plies, respectively. The
strength enhancements for specimens with rectangu-
lar cross-section were 40, 160 and 270% for 1, 3 and
5 plies, respectively. Note that unconfined concrete
strength of the member, f ′

co was assumed to be 85%
of the standard cylinder strength. The ultimate axial
strains corresponding to confined concrete strengths
were around 10.8, 21.5 and 33.0 times the unconfined
concrete for 1, 3 and 5 plies of CFRP jackets for spec-
imens with circular cross-section. For specimens with
square cross-section the axial ultimate strains were 6.0,
19.6 and 24.3 times of the unconfined concrete for 1,

Table 5. Test results for externally confined columns.

f′cc εcc εcc εch f′cc εcc

Specimen (MPa) GL:500 GL:270 GL:60 f′co εco

LS-C-1-a 29.0 0.022 0.023 0.010 2.3 10.8
LS-C-3-a 56.1 0.043 0.043 0.007* 4.4 21.5
LS-C-5-a 84.9 0.066 0.068 0.015* 6.6 33.0
LS-R-1-1-40a 20.6 0.017 0.014 0.011 1.5 6.0
LS-R-1-3-10a 24.7 0.048 0.037 0.009 1.8 24.2
LS-R-1-3-20a 29.3 0.054 0.056 0.013 2.2 27.1
LS-R-1-3-40a 37.4 0.055 0.044 0.015 2.8 19.6
LS-R-1-5-40a 51.7 0.068 0.053 0.015 3.8 24.3
LS-R-2-1-40a 18.4 0.018 0.015 0.008 1.4 6.6
LS-R-2-3-40a 34.9 0.062 0.064 0.009* 2.6 22.1
LS-R-2-3-40a-H 19.6 0.031 0.034 0.011 1.5 10.9
LS-R-2-3-40a-S 18.5 0.022 0.023 0.010 1.4 7.9
LS-R-2-5-40a 50.2 0.086 0.099 0.016 3.7 35.9

* Out of order before reaching peak stress.
GL: gauge length (mm).

0

1

2

3

4

5

6

7

8

-20000 0 20000 40000 60000 80000 100000
Deformation (microstrain)

A
xi

al
 S

tr
es

s 
(�

c
/f'

co
) 5 plies

3 plies

1 ply

Circular Cross-Section
1 - 3 - 5 Plies of CFRP Sheets 

AxialLateral Unconfined

Figure 7. Axial stress–deformation relationships for
specimens with circular cross-section in 500 mm gauge
length.

3 and 5 plies of CFRP jackets, respectively. For speci-
mens with rectangular cross-section the ultimate axial
strains were 6.6, 22.1 and 35.9 for 1, 3 and 5 plies of
CFRP jackets, respectively. The transverse strains of
CFRP jackets at failure were between 0.008 and 0.016
independent of the thickness of the jacket, with an aver-
age value as 0.012. Note that only the strain gauges
that worked until failure were taken into consideration
while determining the average.

The axial stress–deformation relationships in the
gauge length of 500 mm for the specimens with
circular cross-section are given in Figure 7. For the
specimens with square and rectangular cross-sections
the axial stress–deformation relationships are given
in Figures 8 and 9, respectively. Figure 10 repre-
sents a comparison of different cross-section types.
Test results indicated that the cross-section shape had
a significant effect on the behaviour; the strength
enhancement was more pronounced for the specimens
with circular cross-section, while the specimens with
rectangular cross-section exhibited higher ultimate
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mens with rectangular cross-section in 500 mm gauge length.
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axial deformations. For demonstrating the effect of
corner radius for specimens with square cross-section,
a comparison is given in Figure 11. Specimens with
greater corner radius reached higher strengths while
no significant difference between axial strains was
observed. Specimens strengthened with CFRP sheet
straps (either like individual hoops or continuous spi-
rals) behaved similarly with the specimen strengthened
with 1 continuous ply of CFRP jacket, Figure 12. Note
that the amount of CFRP sheets for specimens LS-R-
2-3-40a-H and LS-R-2-3-40a-S was half of the amount
of CFRP sheets in the jacket of the specimen LS-R-2-
3-40a and 1.5 times that of specimen LS-R-2-1-40a. In
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Figure 11. Axial stress–deformation relationships for
specimens with different corner radius.
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different gauge lengths.

Figure 13, the average vertical deformations obtained
by the displacement transducers in 270 and 500 mm
gauge lengths and by strain gauges in 60 mm gauge
length are compared.

In Figures 7–11, the gauge length for the verti-
cal deformation measurements of unconfined standard
cylinders was 150 mm. Note that all stress–strain rela-
tionships are given with the non-dimensional vertical
axis, and while determining the stress–strain rela-
tionship of confined concrete, the contribution of
longitudinal reinforcing bars was subtracted by con-
sidering the actual stress–strain relationships of these
bars including the strain-hardening region. It should
also be noted that although the major contribution of

216



the enhancement in strength and deformability was
provided by the external CFRP jacket, the internal
transverse reinforcement had also some influence. The
contribution of internal transverse reinforcement is
minimal for the specimens with square and rectangular
cross-section.

5 PREDICTION OF CONFINED STRENGTH
AND CORRESPONDING AXIAL STRAINS

For prediction of ultimate strengths and corresponding
axial strains of CFRP jacketed specimens, the empiri-
cal equations proposed by Ilki et al. (2004) were used,
Equations 1 and 2. These equations were proposed
based on experimental results of the specimens with
circular and rectangular cross-section.

In Equations 1 and 2, f ′
lmax is the maximum effec-

tive transverse confinement stress provided by CFRP
jacket and can be calculated by Equation 3 based on
the equilibrium between the resultant transverse com-
pressive force applied on the concrete and the tensile
force of the wrapping material.

In Equation 3, κa is the efficiency factor that is to be
determined based on the section geometry as the ratio
of effectively confined cross-sectional area to the gross
cross-sectional area, Efrp and ρf are the tensile elastic-
ity modulus and ratio of the cross-sectional area of FRP
jacket to the cross-sectional area of concrete, respec-
tively. Based on test results, ultimate tensile strength
of CFRP wrapped around concrete members (εh,rup)
is assumed to be 70% of the ultimate strain (εfrp)
corresponding to tensile strength of CFRP.

While predicting the confined concrete strength and
corresponding axial strain, the contribution of internal
transverse reinforcement (ITR) was also taken into
account. For this purpose, the empirical equations
proposed by Ilki et al. (2003) and Mander et al.
(1988) were used for strength and corresponding
strain, respectively, Equations 4 and 5. In Equation 4, f′l
is the effective confinement stress provided by internal
transverse reinforcement.

Table 6. Comparison of experimental and analytical results.

Exp. Analy. Comparison

f ′
co f ′

cc εcc f ′
cc εcc (2) (3)

Specimen (1) (2) (3) (4) (5) (4) (5)

LS-C-1-a 12.8 29.0 0.022 26.18 0.018 1.11 1.18
LS-C-3-a 12.8 56.1 0.043 46.37 0.036 1.21 1.20
LS-C-5-a 12.8 84.9 0.066 66.57 0.051 1.28 1.31
LS-R-1-1-40a 13.5 20.6 0.017 17.78 0.018 1.16 0.91
LS-R-1-3-10a 13.5 24.7 0.048 21.96 0.025 1.13 1.97
LS-R-1-3-20a 13.5 29.3 0.054 23.94 0.027 1.22 2.03
LS-R-1-3-40a 13.5 37.4 0.055 27.31 0.030 1.37 1.84
LS-R-1-5-40a 13.5 51.7 0.068 38.31 0.038 1.35 1.79
LS-R-2-1-40a 13.5 18.4 0.018 17.43 0.035 1.05 0.53
LS-R-2-3-40a 13.5 34.9 0.062 27.76 0.059 1.26 1.05
LS-R-2-3-40a-H 13.5 19.6 0.031 19.80 0.042 0.99 0.72
LS-R-2-3-40a-S 13.5 18.5 0.022 19.80 0.042 0.94 0.52
LS-R-2-5-40a 13.5 50.2 0.086 36.69 0.075 1.27 1.14

Average 1.18 1.24
S. deviation 0.13 0.52

After the strength and deformability enhancements
provided by external CFRP jacket and internal trans-
verse reinforcement were determined separately, the
total enhancement in strength and corresponding strain
was calculated by using Equations 6 and 7.

For combined contribution of FRP jacket and internal
transverse reinforcement, Wang and Restrepo (2001)
have determined the effective lateral confinement
stresses provided by FRP jacket and internal transverse
reinforcement separately and then used the model pro-
posed by Mander et al. (1988) for concrete confined by
internal steel reinforcement by replacing the transverse
confinement stress provided by internal reinforcement
with the total transverse confinement stress provided
by internal reinforcement and external FRP jacket.

In Table 6, the comparisons of experimental and
analytical results are given.

6 CONCLUSIONS

In this study, experimental results for reinforced con-
crete columns produced with low strength concrete and
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without adequate transverse reinforcement strength-
ened with CFRP sheets are presented.

The conclusions are as follows:

– The confinement of reinforced concrete columns
with CFRP sheets, improved both axial load
carrying capacity and ductility characteristics,
remarkably.

– The strength enhancement was more effective for
circular cross-sections, while ultimate axial strains
were higher for rectangular cross-sections, due to
insufficient flexural stiffness of the FRP sheets.

– The premature buckling of the longitudinal rein-
forcement was prevented and the contribution of
the longitudinal reinforcing bars to the axial resis-
tance and ductility was maintained until very large
axial strains.

– The improvement provided with one ply of CFRP
jacket was very remarkable, further increase in
jacket thickness resulted with significantly higher
strengths and axial deformation capabilities.

– Specimens with greater corner radius reached
higher strengths while no significant difference
between ultimate axial strains were observed.

– Specimens strengthened with CFRP sheet straps of
3 plies performed similar to the specimen with con-
tinuous CFRP jacket of one ply, in contrast to the
higher amount of CFRP sheets used for these spec-
imens. In addition, the bonding of straps was more
difficult than continuous jackets.

– The empirical equations, proposed by the authors
before, predicted the compressive strength and cor-
responding axial strains of the specimens tested in
this study with a reasonable accuracy.
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ABSTRACT: This paper experimentally investigates the efficiency of a new strengthening technique for edge
rectangular RC columns using partial wrapping of CFRP sheets from three sides only. The reduced confining
effect is compensated by the provision of CFRP anchors near the ends of the sheets. The clear vertical sheets’
spacing, the number of layers as well as the positioning of anchors (anchorage length) are the main investigated
parameters. Test results, including the sheets’ strains, demonstrate activation of the anchors. Key test results
also indicate a reasonable load carrying capacity (25%) and ductility enhancements when compared to similar
columns with total CFRP wrapping (34% capacity enhancement).The former capacity enhancement is acceptably
reduced with increasing clear vertical spacing and fewer number of CFRP layers to 21% and 18%, respectively.
However, slightly shorter anchorage lengths are found to dramatically decrease the capacity enhancement to 11%.

1 INTRODUCTION

Recently, RC columns’ wrapping using fiber-
reinforced-polymers (FRPs) laminates has emerged as
one of the most promising technologies for capacity
enhancement, especially in seismic regions, where the
vertical earthquake excitation produces an increase in
the vertical loads. The corrosion resistance of such
materials has made their use more attractive com-
pared to the traditional steel jacketing technique. The
unchanged stiffness of the upgraded columns, hence,
preventing extra seismic loads to be attracted, is also
very advantageous compared to the RC jacketing tech-
nique. Furthermore, the high tensile strength of FRPs,
especially carbon ones (CFRP), results in a better col-
umn’s confinement than traditional techniques, hence,
leading to higher capacity and ductility increases.

Previous studies by Hosotani et al (1997) and
Matthys et al (1999) have demonstrated a very high
efficiency of the wrapping technique for circular RC
columns using CFRP laminates, from both capac-
ity and ductility points of views. Moving to square
than rectangular columns, the lower confinement due
to the out-of-plane displacements of the laminates
induced by the axial loads as well as the laminates
planes of weaknesses around sharp corners, resulted
in progressively lower efficiencies of the technique,
as concluded by Rochette et al (2000). In such situ-
ations, Neale et al (1997) has formerly demonstrated
that rounding the corners of the columns before apply-
ing the composite wraps improved the previous low

efficiency. In addition, it was recently demonstrated
by Hosny et al (2001) that anchoring the laminates to
prevent their out-of-plane deformations together with
rounding the column’s corners, resulted in very high
improvements in the technique’s efficiency, depending
on the anchorage system used.

This paper investigates a further development in
the wrapping technique of rectangular RC columns
using CFRP laminates, emerging from a practical need
to facilitate the upgrading process of the columns in
terms of time, labor and cost savings. In fact, except
for interior columns, which are not intersected by walls
and partitions, the wrapping technique of all other
columns of any existing building requires the destruc-
tion of the parts of the walls adjacent to the columns,
followed by the rebuilding of the removed parts after
completion of the work. The time, labor and cost
consumptions in the latter construction jobs accompa-
nying the wrapping process worsen in cases where the
edge and corner columns are in question; since parts of
the building’s façade are to be demolished and recon-
structed. A direct solution to this problem appears to
exist in wrapping the edge and corner columns from
three and two sides, respectively. However, since the
wrapping is a technique whose efficiency is highly
dependant on the degree of concrete confinement
added to the upgraded column, hence, the previously
suggested solution is in risk to turn partially or totally
inefficient in enhancing the load carrying capacity
and ductility of the wrapped column and, thus, needs
experimental investigation, as presented in this paper.
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The experimental study of this paper investigates
the behavior of RC rectangular columns wrapped with
horizontal unidirectional CFRP sheets from three sides
only together with a CFRP mechanical anchorage
system.The main test parameters include the clear ver-
tical spacing between successive wraps, the number of
CFRP layers as well as their horizontal extension on the
free opposite sides of the columns (anchorage length).
The test results in terms of capacity and failure mode,
internal steel and external CFRP wraps’ strains as well
as concrete strains, are used to evaluate the efficiency
of the three-sides wrapping in comparison with the
traditional four-sides one and the influence of the test
parameters.

2 EXPERIMENTAL WORK

2.1 Columns details

Six medium scale rectangular RC columns having an
aspect ratio of 1:2.4 were prepared, cast, strengthened
with CFRP sheets and tested to failure at the RC Labo-
ratory of the Department of Structural Engineering of
Ain Shams University.All columns had 125 × 300 mm
cross-sectional dimensions and an overall height of
1250 mm, as shown in Figure 1.

Figure 1 also shows that two 175 mm height steel
caps were prepared, partially filled with a layer of
rich cement grout and fitted at both ends of the spec-
imens, in order to prevent any stress concentration in
the columns near the loading plates. The clear height
of the specimens between the steel caps was equal to
900 mm, as shown in the same figure. Concerning the
internal steel reinforcement, Figure 1 shows that each
column was longitudinally reinforced with six 10 mm
diameter bars equivalent to 1.25% reinforcement ratio,
while the transverse reinforcement consisted of 6 mm
diameter stirrups spaced at 125 mm equivalent to
a volumetric percentage of 0.46%. The specimens’
dimensions as well as the internal steel reinforcement
details were kept the same for all tested columns, while
the strengthening scheme was changed.

2.2 Strengthening schemes

One control specimen coded C was tested without
strengthening, while the other five coded C1 to C5
were upgraded through the wrapping of horizontal
unidirectional CFRP sheets according to the vari-
ous schemes shown in Figure 2. The corners of the
strengthened columns were rounded at a radius of
15 mm, in order to avoid fiber discontinuities around
sharp corners, as shown in the same figure.

Figure 2 shows different four-sides (C1) and three-
sides (C2 to C5) wrapping schemes, with the main test
parameters being the clear vertical wraps’ spacing, s,
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Figure 1. Columns’ details and internal steel strain gauge
locations.
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Figure 2. Schematic drawing for the wrapping schemes and
CFRP strain gauge locations.

the number, n, as well as the anchorage length, l, of
the CFRP layers, as detailed in the following:

• C1 was traditionally strengthened with four-sides
wrapping using two layers of CFRP sheets, n = 2,
over the whole column’s clear height, hc, hence,
resulting in zero clear spacing, s = 0, between
successive wraps of width, w = 300 mm each.
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• C2 was similarly strengthened as C1 (n = 2 and
s = 0), but with three-sides wrapping through stop-
ping the horizontal CFRP sheets at a distance of
50 mm from the far edge of the cross-sectional
longer sides, l = 250 mm. A mechanical anchorage
system was provided at 50 mm from the ends of the
sheets by using CFRP anchors through the column’s
width and vertically spaced at 150 mm.

• C3 was similarly strengthened as C2, but with clear
spacing, s = 100 mm, between successive wraps of
width, w = 100 mm each. A similar anchorage sys-
tem to C2 was used through providing one CFRP
anchor for each wrap, hence, resulting in a vertical
anchor’s spacing of 200 mm.

• C4 was similarly strengthened and anchored as C2,
but using only one layer, n = 1, of horizontal CFRP
sheets.

• C5 was similarly strengthened as C2, but with
shorter horizontal sheets’extension, l = 200 mm, by
stopping the sheets at a distance of 100 mm from
the far edge of the cross-sectional longer sides.
The CFRP anchors were also positioned at 50 mm
from the ends of the sheets and vertically spaced at
150 mm.

The sheets were wrapped after the concrete reached
an age of 28 days following the technical steps spec-
ified by the manufacturer and in the light of the ACI
440-02 (2002). Holes for the CFRP anchors were first
drilled in columns C2 to C5 at the required verti-
cal spacing. The columns’ concrete surface was then
prepared using a hammer and a blower, their corners
rounded at a radius of 15 mm and the irregularities
flattened with epoxy paste. Afterwards, the epoxy
adhesive was manually spread over both the columns’
surface as well as the surface of the CFRP sheets. This
was followed by the manual application of the sheets
on the columns, with the fibers oriented in the hori-
zontal direction, in order to increase the confinement
of the concrete section.

The CFRP anchors used to fix the horizontal sheets
in C2 to C5 were then provided according to the tech-
nical steps of Figure 3. In fact, the CFRP wrapping
sheets were actually used to form the anchors. They
were cut to the required dimensions and guided by a
steel bar through the holes drilled in the columns. The
anchors penetrated the first wrapping layer by sepa-
ration of parallel fibers to avoid discontinuities and
maintained straight after removal of the guiding steel
bar using two steel jaws, as shown in Figure 3a. This
was followed by the impregnation of the holes con-
taining the anchors with epoxy adhesive in order to fill
any existing voids, as shown in Figure 3b. The ends of
the anchors were then cut to the required length and
radially spread over the top surface of the layer using
epoxy adhesive, as shown in Figure 3c. The applica-
tion of the second CFRP layer in C2, C3 and C5, took
place afterwards.

(a) Insertion (b) Injection (c) Cutting

Figure 3. Application steps of the CFRP anchors in
C2 to C5.

Figure 4. Casting of the columns and control specimens.

2.3 Materials properties

The internal longitudinal reinforcement of all columns
were made of deformed steel bars (St. 360/520)
of yield stress, fy = 360 MPa, and ultimate tensile
strength, fu = 520 MPa. The internal transverse stir-
rups used for the columns were made of smooth
steel bars (St. 240/350) of yield stress, fy = 240 MPa,
and ultimate tensile strength, fu = 350 MPa. All the
previous internal steel reinforcement had a constant
modulus of elasticity, Es = 200 GPa.

The concrete used was a normal weight concrete of
28-days average compressive strength, fcu = 39.4 MPa,
with mix proportions 3.5 kN/m3 ordinary Portland
cement, 7.1 kN/m3 sand from natural resources,
12 kN/m3 crushed limestone (25 mm maximum nomi-
nal size) and a water cement ratio of 0.53. All columns
were cast horizontally in the same wooden form, at
the same time and from the same batch of concrete,
as shown in Figure 4. For all columns, concrete was
compacted in the form using a poker vibrator, followed
by water curing and covering with polythene sheeting
for one week. For control purposes, two sets of six
concrete cubes and six concrete split cylinders were
cast along side the columns (Figure 4) and were tested
on the same day as the columns, to provide values of
the concrete characteristic strength, fcu, and splitting
tensile strength, fctr . Table 1 shows the results of these
control specimens.

Finally, the mechanical properties of the CFRP
sheets together with the epoxy paste and epoxy

221



Table 1. Test results of the control specimens.

Control
specimen 1 2 3 4 5 6

Cubes 40 40.1 40.8 39.6 38.45 37.2
fcu (MPa)

Split cyl. 4.14 4.14 4.14 3.82 3.5 3.18
fctr (MPa)

Table 2. Mechanical properties of the strengthening system.

Material Epoxy Epoxy CFRP
property paste adhesive sheets

Compressive strength, MPa 50–60 * *
Tensile strength, MPa 15–20 30 3800
Young’s modulus, GPa 4.3 3.8 240
Flexural strength, MPa 20–25 * *
Bond strength (conc.), MPa 3–3.5 (1) *

* = not available, (1) = failure occurs in concrete.

adhesive, are summarized in Table 2 as obtained from
the manufacturer’s data sheets.

2.4 Instrumentations

Extensive measurements were made of strains on
key locations of the tested specimens. Strains in the
internal longitudinal bars as well as the transverse
stirrups were measured using three HPM electrical
strain gauges of 10-mm length and 120-Ohm resis-
tance, coded S1 to S3 for each specimen, as previously
indicated in Figure 1. Another four electrical strain
gauges coded SC1 to SC4 were mounted on key loca-
tions of the surface of the CFRP sheets, as previously
indicated in Figure 2, in order to monitor the ten-
sile strains of both the straight and bent portions of
the sheets. The longitudinal compressive and trans-
verse tensile concrete strains of the tested specimens
were also measured using four Linear Variable Dis-
tance Transducers (LVDTs) coded D1 to D4, as shown
in Figure 5. It should be noted that the pair of transduc-
ers used at both sides of the specimens for each strain’s
type, as shown in the figure, was used to monitor and
correct the effect of any inclination in the specimens’
verticality by averaging the strain readings.

2.5 Test setup and loading procedure

All specimens were tested under the effect of a uniax-
ial compressive static load, monotonically increasing
from zero up to failure. Two hydraulic jacks, each of
2000-kN capacity, were used for this purpose. The two
jacks were connected to the same pump fitted with an
electronic gauge of 5-kN accuracy, so that each jack
received the same pressure and applied the same load

Side view

Test specimen

Vertical LVDT

Horizontal LVDT

Steel cap

Steel cap

Load (P)

Stiffener

Load (P)

D1D2

D3D4

Elevation

Figure 5. Positioning of vertical and horizontal LVDTs.

Figure 6. Test setup.

to the columns. The columns were vertically adjusted
between the two adjacent jacks resting on the rigid
floor of the test setup and the reaction frame, as shown
in Figure 6.

At the early stages of loading, load increments of
25-kN were applied to the columns and were gradually
reduced till 5-kN near failure, in order to get accurate
values of strains and failure loads. Each load incre-
ment was applied during a period of about 2 minutes
at the end of which the load was held constant for
about 5 minutes, to allow measurements and observa-
tions. One loading cycle was applied in the previous
manner from zero up to failure.

3 EXPERIMENTAL RESULTS

3.1 Test observations and failure modes

The control column, C, failed abruptly through the
sudden formation of an inclined crack, as shown in

222



(a) Column C (b) Column C1

(c) Column C2 (d) Column C3

(e) Column C4 (f) Column C5

Figure 7. Failure patterns of the tested columns.

Figure 7a, where the concrete cover spalled off, the
longitudinal steel bars buckled and the load suddenly
dropped to zero. All the other strengthened columns,
C1 to C5, failed at higher loads in a less brittle manner
through either the rupture of the CFRP sheets at the
corners (where a plane of weakness existed) alone or
together with that of the CFRP anchors, hence, pulling
both the sheets and the concrete cover out-of-plane, as
shown in Figures 7b, c, d, e and f. In both previous
cases, this was followed by the formation of a similar
inclined crack as in C as well as the buckling of the
longitudinal steel bars, as shown in the same latter fig-
ures. It should be noted that none of the strengthened
columns experienced rupture of the CFRP anchors
prior to that of the sheets’ corners, hence, revealing
full activation of the anchors prior to failure. It should
also be noted that none of the strengthened columns
experienced a sudden drop to zero load, hence, reveal-
ing the less brittle failure due to the extra-confinement
added by the wrapping system when compared to the
control column.

3.2 Capacity and deformability

Table 3 shows the axial capacity, Pu, of the tested
columns together with the ultimate longitudinal com-
pressive concrete strain, εcu. The capacity as well

Table 3. Axial capacities and ultimate longitudinal com-
pressive concrete strains.

CFRP sheets
Pu εcu

Spc. s l (kN) Pu/Pc ×10−3 εcu/εc
no. (mm) n (mm) (1) (2) (3) (4)

C None None None 1195 1.0 2.4 1.0
C1 0 2 4 sides 1600 1.34 5.4 2.25
C2 0 2 250 1490 1.25 4.8 2.0
C3 100 2 250 1440 1.21 4.5 1.87
C4 0 1 250 1410 1.18 4.3 1.79
C5 0 2 200 1330 1.11 3.8 1.58

(1) Pu = capacity of the strengthened column,
(2) Pc = capacity of the control column, (3) εcu = ultimate
longitudinal compressive concrete strain of the strengthened
column, (4) εc = ultimate longitudinal compressive concrete
strain of the control column.

as the ultimate longitudinal compressive concrete
strain enhancement ratios for the strengthened spec-
imens relative to the control one, Pu/Pc and εcu/εc,
respectively, are also shown in the table.

Concerning the axial capacity, Table 3 shows a rea-
sonable capacity enhancement of 25% for C2 with
three-sides wrapping when compared to the 34%
enhancement attained by the conventional four-sides
wrapping in C1. The former reduction is normally
attributed to the lower confinement induced by the
three-sides wrapping technique when compared to the
traditional one. Table 3 also shows further capacity
enhancement’s reductions to 21, 18 and 11%, for larger
vertical wraps’clear spasing, s, lower number of wraps,
n, and shorter anchorage length, l, in C3, C4 and C5,
respectively. However, a closer comparative look at
the former two reductions shows the low sensitiv-
ity of the capacity enhancement to both the s and n
parameters, since large variations in those parameters
resulted in only 4 and 7% further reductions for C3
and C4, respectively, when compared to C2, as shown
in the table. Nonetheless, the extreme sensitivity of
the capacity enhancement to the anchorage length, l,
parameter can also be noted in Table 3 from the further
14% reduction for C5 when compared to C2, as a result
of a relatively slight variation of the latter parameter.
Accordingly, it can be concluded that, unlike for the
s and n parameters, the induced confinement of the
three-sides wrapping system is dramatically affected
by the anchorage length parameter, l.

Concerning the ultimate longitudinal compressive
concrete strains, Table 3 first shows deformability
enhancement ratios for the strengthened columns rel-
ative to the control specimen of almost 1.6 times the
respective capacity enhancement ratios attained. This
reveals the higher efficiency of the extra confine-
ment induced by the wrapping technique in increasing
the columns’ failure deformation when compared to
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the corresponding axial capacity enhancement. The
previous finding further justifies the well-established
literature that the wrapping technique is more attrac-
tive for use where ductility enhancement is required,
especially in seismic regions. Table 3 also confirms
relative deformability reductions for columns C2 to
C5 (wrapped from three sides) when compared to C1
(conventionally wrapped) that were in line with the
respective relative capacity reductions. Thus, the rea-
sonable deformability of C2, the low sensitivity of the
deformability to the s and n parameters as well as its
high sensitivity to the anchorage length, l, parameter,
were further confirmed in the table.Again, it should be
noted that the previous deformability reductions were
around 1.6 times the respective capacity reductions, as
shown in Table 3.

3.3 Longitudinal compressive strains

Figures 8 and 9 show the load versus the longitudi-
nal compressive concrete and steel strain curves at
positions D1 and S1, respectively, of the columns. The
slightly higher concrete strain values when compared
to the corresponding steel ones at equal load levels
are experimentally accepted and attributed to minor
traditional errors in the steel strain gauges’ readings.

Figures 8 and 9 first show the linear longitudinal
compressive strain responses of the control specimen
till failure and all the other strengthened columns up
to around 80% of their failure loads. These linear
responses nearly followed similar trajectories for all
tested specimens, as shown in both figures, hence,
revealing the unchanged stiffness of the strengthened
columns when compared to the control one; a finding
which turns more attractive the use of the wrap-
ping technique to strengthen RC columns in seismic
regions, since no extra seismic loads will be attracted.
The linear response of the control column, C, shown
in both figures, till failure which occurred without
yielding of the internal steel longitudinal bars (0.0014
failure strain), as demonstrated in Figure 9, gives a
further proof of the highly brittle response and failure
type of C. On the other hand, Figures 8 and 9 show
the increasingly non-linear responses of all the other
strengthened columns beyond 80% of their enhanced
failure loads. The latter, together with the highly post-
crushing and post-yielding compressive strain levels
developed in the concrete (0.0054 in C1 to 0.0038 in
C5) and longitudinal bars (0.005 in C1 to 0.0032 in C5)
at failure of the strengthened columns, shown in Fig-
ures 8 and 9, respectively, give a clear indication of the
satisfactory beneficial confining effect of the three-
sides wrapping technique used for C2 to C5, when
compared to the conventional wrapping of C1, from
both capacity and ductility points of views. In this
respect and similar to the findings of the previous
section, the figures first show that the previous strain
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Figure 8. Load–longitudinal compressive concrete strain
curves of the tested columns.
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Figure 9. Load–longitudinal compressive steel strain curves
of the tested columns.

enhancements were reasonably reduced for C2 when
compared to C1. The slight strain reductions in C3
and C4 with much higher clear spacing, s, and half
the number of CFRP layers, n, respectively, relative
to C2, can also be noted in the figures. Finally, the
relatively high strain reductions in C5, having slightly
shorter anchorage length, l, when compared to C2,
were similarly noted in both figures.

3.4 Transverse tensile strains

Figure 10 shows the load versus the transverse tensile
steel stirrup’s strain curves at position S2 of the tested
columns.

As expected, figure 10 first shows that the trans-
verse tensile stirrup’s strains were about 40 to 50% the
longitudinal compressive bar’s strains in all respec-
tive specimens up to failure. A comparative look at
the figure again confirms all the previous findings of
this study. This included the linear and similar stiff-
ness responses of all tested columns up to around 80%
of their failure loads, as well as the brittle behavior of
C till failure, where its ultimate stirrup’s strains only
reached a value of 0.0005, far below yielding. It should
be noted that the small non-linearity near failure of
the control column’s response in figure 10 was due to
the non-linear characteristics of the transverse strain of
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Figure 10. Load–transverse tensile steel strain curves of the
tested columns.

concrete axially loaded in compression [Park & Paulay
(1975)]. The increasingly non-linear trends of all the
strengthened columns’ responses beyond the previous
load level, together with the high transverse stirrup’s
strains developed at enhanced failure loads, can also
be detected in Figure 10. In addition, the satisfactory
confining effect of the three-sides wrapping technique
when compared to the conventional one is also noted
in Figure 10, through the small reductions in the stir-
rup’s strain at failure of C2 to a value of 0.0022 when
compared to the 0.0027 value in C1, hence, revealing
the yielding of the stirrups of both columns. The lat-
ter figure also proves the none-harmful effect of either
highly increasing the wraps’ clear spacing, s, in C3
or halving the number of layers, n, in C4, since either
yielding (0.002) or nearly yielding (0.0017) stirrups’
strains where developed in C3 and C4, respectively, at
failure. Finally, the dramatic decrease in the stirrup’s
strain at failure of C5 to a value of 0.00125 (far below
yielding), shown in Figure 10, provides further proof
of the criticality of any small changes in the anchorage
length, l, parameter.

3.5 Tensile strains in the CFRP sheets

Figures 11 and 12 show the load versus the tensile
strain curves in the CFRP sheets at positions SC1
and SC2 (corners), respectively, of the strengthened
columns.

Considering Figures 11 and 12, the non-linearity of
all CFRP strain responses in both figures can first be
noted and is again attributed to the non-linear char-
acteristics of the transverse strain of concrete axially
loaded in compression [Park & Paulay (1975)]. In
addition, a comparative look at Figures 11 and 12
shows that the corner strains of each specimen till
failure (Figure 12) were almost twice the straight por-
tion’s strains (Figure 11), due to the well-established
stress concentration phenomena around sharp corners.
Normally, Figure 11 also shows that the strains devel-
oped in the straight portion of the CFRP sheets of
each column were approximately of the same order
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Figure 11. Load–CFRP tensile strain curves of the tested
columns.
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Figure 12. Load–CFRP tensile strain curves at corners of
the tested columns.

as the corresponding transverse tensile stirrups strains
previously shown in Figure 10.

A closer look at Figures 11 and 12 shows that rela-
tively high strains were developed for the convention-
ally wrapped (C1) as well as the three-sides wrapped
(C2) columns, up to values of 0.0022 (straight) and
0.0041 (corner) and values of 0.0018 (straight) and
0.0034 (corner), respectively, at failure. The latter
slight reductions for C2 give a final proof that its CFRP
anchors were fully activated prior to failure and that
the three-sides wrapping system tested in this study
can be adopted successfully. The further slight reduc-
tions in Figures 11 and 12 at failure of C3 and C4
to values of 0.0016 (straight) and 0.0032 (corner) and
values of 0.0015 (straight) and 0.0028 (corner), respec-
tively, gives further confirmation of the low sensitivity
of the gained confinement to even large variations in
both the clear wraps’ spacing, s, and number of lay-
ers, n, parameters. On the other hand, the high strain
reductions witnessed in Figures 11 and 12 at failure
of C5 to values of 0.0011 (straight) and 0.0021 (cor-
ner), respectively, also give a clearer confirmation for
the very high sensitivity of the gained confinement to
the anchorage length, l, parameter. Finally, it is worth
mentioning that all the previous developed strains in
the CFRP sheets at failure, shown in Figures 11 and
12, were highly lower than the 0.0155 maximum ten-
sile strain reported by the manufacturer; in line with
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the finding reported by Hosny et al (2001). This is
due to the CFRP sheets’ planes of weakness around
sharp corners, where their rupture dictated the failure
of all the strengthened columns of this program, as
previously stated in section 3.1.

4 CONCLUSIONS

The innovative strengthening system of wrapping RC
rectangular columns with CFRP sheets in three sides
only together with the use of CFRP anchors, has
experimentally demonstrated satisfactory confining
effect and associated enhancements in all aspects of
structural behavior, which were comparable to these
resulting from the conventional four-sides wrapping,
as follows:

• Less brittle failure modes, due to the gained con-
crete confinement. This was initiated by either the
rupture of the CFRP sheets at corners alone or com-
bined with that of the CFRP anchors, followed by
the formation of an inclined crack as well as the
buckling of the longitudinal steel bars.

• Reasonable axial capacity and ultimate deformabil-
ity enhancements up to 25% and 200%, respectively,
compared to the respective 34% and 225%, resulting
from conventional wrapping.

• Unchanged column’s stiffness up to around 80% of
the axial capacity, hence adding the benefit of attrac-
tive usage in seismic regions; since no extra loads
would be attracted by the strengthened columns.

• Reasonable non-linear longitudinal compressive
concrete and steel strain responses prior to fail-
ure at values up to 0.0048 and 0.0043, respectively,
compared to the respective values of 0.0054 and
0.005, resulting from conventional wrapping. Thus,
the longitudinal steel yielded in both cases.

• Reasonable non-linear transverse tensile steel strain
response prior to failure at stirrup’s strain up to
the post-yielding value of 0.0022, compared to the
respective value of 0.0027 value in conventional
wrapping.

• Full activation of the CFRP anchoring system, as
deducted from the reasonable strain levels devel-
oped in the CFRP sheets at failure, up to values of
0.0018 and 0.0034 in the straight portions and at cor-
ners, respectively, compared to the respective values
of 0.0022 and 0.0041, resulting from conventional
wrapping.

The satisfactory confining effect and the associated
structural enhancements resulting from the three-sides
CFRP wrapping system introduced in this study were
found low sensitive to the variations of both the ver-
tical wraps’ clear spacing, s, as well as the number of
CFRP layers, n; since large variations of the two latter

parameters resulted in relatively small variations in the
previously achieved enhancements.

The anchorage length, l, of the CFRP sheets was
found an extremely critical parameter affecting the
efficiency of the three-sides wrapping technique inves-
tigated in this study; since only small reductions in this
parameter resulted in relatively dramatic reductions
in the confining effect and the associated structural
enhancements.
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ABSTRACT: An experimental investigation in the behavior of RC continuous beams strengthened in flexure
with CFRP laminates was conducted. Six medium scale two-span beams were tested under static loading till
failure. The test parameters included the internal flexural reinforcement ratio as well as the position and number
of laminates. Key test results showed considerable capacity enhancement for all strengthened beams, at the price
of brittle peeling failure and reduced ductility. General improvements in all aspects of flexural behavior were also
monitored. In addition, the more uniform stiffness distribution along the strengthened beams’ lengths resulted in
reactions and internal forces’ values closer to the elastic ones as well as lower moment redistribution ratios. All
previous benefits were more pronounced for beams with lower internal reinforcement ratio. Finally, the sagging
strengthening technique proved much higher efficiency than the hogging one, which also demonstrated negative
results in some structural aspects.

1 INTRODUCTION

Upgrading of reinforced concrete (RC) structures has
recently been a widespread application in the con-
struction industry. This is usually done with an aim
of enhancing the load carrying capacity of the differ-
ent structural elements, in order to fulfill the increases
of either the superimposed loads in the new building
codes or these resulting from the change of use of the
structure. Since beams are among the most important
structural elements, their upgrading (strengthening)
process has been the subject of several improvements,
starting from the traditional techniques (concrete and
steel jacketing as well as steel plate bonding) up to the
most updated applications of using Fiber-Reinforced-
Polymers (FRP) materials in the flexural and shear
strengthening of these elements. However, most of
the research work investigating the two latter appli-
cations has been focused on simply supported beams,
while only little work dealt with continuous beams,
although they represent the majority of beams exist-
ing in RC structures. Nonetheless, the little literature
on FRP strengthening of continuous beams is found to
provide enough key issues for further investigations,
since it dealt with flexural strengthening (El-Refaie
et al 2003) or shear strengthening (Arduini et al 1997,
Khalifa et al 1999, Tann et al 2000) or both (Grace et al
1999).

This paper presents an experimental investigation
in the structural behavior of RC two-span continuous

beams strengthened in flexure using Carbon-Fiber-
Reinforced-Polymers (CFRP) laminates, when tested
statically from zero till failure. The flexural inter-
nal reinforcement ratio as well as the position and
number of CFRP strengthening laminates were the
main parameters investigated. The test results includ-
ing crack patterns, deflections, tensile strains in the
flexural reinforcement and CFRP laminates as well
as failure loads are presented and discussed. Key
experimentally derived structural aspects of behavior,
including end support reactions, failure moments, sag-
ging and hogging bending moments, sagging and hog-
ging moment redistribution ratios as well as deflection
ductility, are also discussed. Finally, design oriented
conclusions are highlighted.

2 EXPERIMENTAL WORK

2.1 Beams details

A total of six medium scale two-span RC continuous
beams were tested to failure under the effect of two
equal mid-span concentrated static loads, as shown in
figure 1. The figure also shows the beams’ geometry,
detailing of internal steel reinforcement as well as the
internal steel strain gauges’ locations. All beams had
a 300 mm deep T-shaped cross-section and an over-
all length of 4500 mm over two equal clear spans of
2150 mm each, as shown in the figure. The beams
were divided into two groups of three beams each,
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Figure 1. Beam details, steel and CFRP strain gauge
locations.

according to the main sagging internal tension steel
reinforcement ratio. Beams coded B1 to B3 of group
(1) were provided with sagging tension steel of two
bars of diameters 10 and 12 mm (ρ = 0.42%), while B4
to B6 of group (2) had two bars of diameter 12 mm cor-
responding to a higher reinforcement ratio (ρ = 0.5%),
as shown in figure 1. For each group, the hogging
internal tension steel was calculated to result in a hog-
ging flexural capacity similar to the sagging one of the
T-shaped cross-section; i.e., each beam would reach its
hogging and sagging flexural capacities at the same
time. Figure 1 also shows that shear reinforcement
were provided in all beams in the form of closed
stirrups of 10 mm diameter bars at 100 mm spacing,
designed to prevent shear failures even in strengthened
beams. Finally, figure 1 shows the typical positioning
of the CFRP laminates bonded to either the hogging
or sagging regions of the beams, together with their
respective strain gauges’ locations.

2.2 Strengthening schemes

The positioning as well as the number of CFRP
strengthening laminates were the main test parame-
ters, as detailed in table 1. The table shows that the
first beam of each group, namely B1 and B4, was
not strengthened and considered as a control speci-
men. The rest of the beams were strengthened in either
their hogging or sagging moment regions, symmetri-
cally about the beams’ cross-sectional vertical axis, as
indicated in figure 1 and table 1. In case of hogging
strengthening of B2 in table 1, the laminates were sym-
metrically extended on both sides of the central support
bypassing the mid-span concentrated loads, as shown
in figure 1, in order to ensure enough anchorage length.
On the other hand, the sagging strengthening of the

Table 1. Strengthening schemes.

Hogging Sagging
laminates laminates

Group Beam Area Area
no. no. No. (mm2) No. (mm2)

Group (1) B1 None None None None
B2 2 120 None None
B3 None None 2 120

Group (2) B4 None None None None
B5 None None 1 60
B6 None None 2 120

rest of the beams was accomplished through extend-
ing the CFRP laminates to cover the whole soffits of
the beams, in addition to the provision of a mechani-
cal anchorage at the ends of the laminates in the form
of U-shaped GFRP sheets, as shown in detail (A) of
figure 1. Each CFRP laminate was 50 mm wide and
1.2 mm thick with a total effective area of 60 mm2.The
total area of the laminates used for each beam is shown
in table 1.

The application of the CFRP laminates to the beams
was accomplished according to the manufacturer’s
specifications and in the light of the ACI 440-02
(2002). This included the surface preparation of the
concrete substrate using a grinder and checking of sur-
face deviation. This was followed by the application of
the epoxy resin primer then the epoxy resin adhesive to
the concrete substrate using a brush. Finally, the CFRP
laminates were placed by hand and pressed onto the
adhesive with a rubber roller.

2.3 Materials properties

The internal flexural reinforcement of all beams was
made of deformed steel bars (St. 400/600) of yield
stress, fy = 400 MPa, and ultimate tensile strength,
fu = 600 MPa. The internal transverse stirrups (shear
reinforcement) were made of deformed steel bars (St.
360/520) of yield stress, fy = 360 MPa, and ultimate
tensile strength, fu = 520 MPa. The transverse inter-
nal reinforcement used for the flanges of the beams
was made of smooth steel bars (St. 240/350) of yield
stress, fy = 240 MPa, and ultimate tensile strength,
fu = 350 MPa. All the previous reinforcement had a
constant modulus of elasticity, Es = 200 GPa.

The concrete used was a normal weight concrete of
28-days average compressive strength, fcu = 39.4 MPa,
with mix proportions 3.5 kN/m3 ordinary Portland
cement, 7.1 kN/m3 sand from natural resources,
12 kN/m3 crushed limestone (25 mm maximum nom-
inal size) and a water cement ratio of 0.53. All beams
were cast in the same wooden form, at the same
time and from the same concrete batch. Concrete was

228



Table 2. Test results of the control specimens.

Control
specimen 1 2 3 4 5 6

Cubes 40 40.1 40.8 39.6 38.45 37.2
fcu (MPa)
Split cyl. 4.14 4.14 4.14 3.82 3.5 3.18
fctr (MPa)

Table 3. Mechanical properties of the strengthening system.

Material Epoxy Epoxy CFRP
property primer adhesive laminates

Compressive 65–75 >60 ∗
strength, MPa

Tensile strength, MPa 10–15 ∗ ≥2700
Young’s modulus, GPa 9 ∗ ≥165
Flexural strength, MPa 20–30 >30 ∗
Bond strength (1) >3.5 ∗

(conc.), MPa

∗ = not available, (1) = failure occurs in concrete.
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Figure 2. Deflection and concrete strain measurements.

compacted in the form using a poker vibrator, followed
by water curing and covering with polythene sheeting
for one week. For control purposes, two sets of six con-
crete cubes and six concrete split cylinders were cast
along side the beams and were tested on the same day
as the beams, in order to provide values of the con-
crete characteristic strength, fcu, and splitting tensile
strength, fctr , as shown in table 2.

Finally, the mechanical properties of the CFRP
laminates together with the epoxy resin primer and
adhesive, are summarized in table 3, as obtained from
the manufacturer’s data sheets.

2.4 Instrumentations

Extensive measurements were made at key locations
of the tested beams, as previously shown in figure 1
as well as figure 2 below. The crack propagation was
monitored during the tests until failure of the beams.

Two 0.01 mm accuracy Linear Variable Distance
Transducers (LVDTs) coded D1 and D2 were used to

Figure 3. Test setup.

measure the mid-spans deflections of each beam, as
shown in figure 2. Eight HPM electrical strain gauges
of 10 mm length and 120 Ohm resistance, coded S1
to S8, were mounted on the internal longitudinal steel
bars of each beam to monitor the tensile and com-
pressive strains, as previously indicated in figure 1.
Figure 1 also shows that the maximum tensile strain
at the middle of each CFRP strengthening laminate
was measured using another two HPM electrical strain
gauges similar to the steel ones and consecutively
coded SCn=1,2,etc. Finally, the compressive concrete
strains at the mid-spans as well as at the central support
sections were measured by means of another four HPM
electrical strain gauges of 100 mm length and 120 Ohm
resistance, coded C1 to C4, as shown in figure 2.

2.5 Test setup and loading procedure

The two-spanned beams were tested under the effect of
a total static load, 2P, increasing incrementally from
zero up to failure and divided through the use of a
rigid steel beam into two-equal loads, P (figure 2),
each acting at the mid-span section of each span, as
shown in figure 3. The end support reactions (R1 in
figure 2 and R2) were monitored during the tests using
two 50 kN capacity and 1 kN accuracy dynamometers
placed under the beams between the bottom steel plate
of the support and the steel base of the test machine, as
shown in detail (A) of figure 3. The central support of
the beams was provided with a vertical screw to ensure
their horizontal alignment before loading, as shown in
detail (B) of figure 3.

The loading was manually applied using a hydraulic
jack of 500 kN capacity and 5 kN accuracy, placed
between the reaction-frame of the test machine and
the steel beam used to distribute the load in two, as
shown in figure 3. Each load increment was applied
during a period of about 2 minutes, at the end of which
the load was held constant, to allow measurements and
observations. One loading cycle was applied from zero
up to failure.

229



3 EXPERIMENTAL RESULTS

3.1 Test observations

The crack propagation in all tested beams followed
the similar traditional sagging and hogging patterns
in continuous beams. However, it was noted that
improved patterns were associated to the correspond-
ing strengthened regions, in terms of crack distribution
and widths. In fact, the provision of the CFRP lami-
nates at the beams’ soffits resulted in more uniform
sagging crack distributions covering longer portions
of the beams’ spans and having smaller widths, when
compared to the corresponding control beam of each
group, as shown in figure 4 (a and b) for beams
B3, B5 and B6 at failure. This was accompanied
with a less uniform hogging crack distributions cover-
ing shorter portions of the respective beams’ hogging
regions and having bigger widths, as shown in the
same figure. The previous is clearly attributed to the
effect of the strengthening laminates in enhancing
the beams’ stiffness in the corresponding regions and,
hence, attracting higher moments from the adjacent
un-strengthened parts. Figure 4 (a) also shows the

Figure 4. Crack patterns of the tested beams at failure.

Table 4. Beams’ capacities and modes of failure.

CFRP laminates

Group Beam Area Ultimate load Failure
no. no. No. (mm2) Pu (kN) mode

Group (1) B1 None None 170 Flexure
B2 2 (top) 120 (top) 235 Peeling
B3 2 (bot.) 120 (bot.) 255 Peeling

Group (2) B4 None None 195 Flexure
B5 1 (bot.) 60 (bot.) 250 Peeling
B6 2 (bot.) 120 (bot.) 280 Peeling

opposite trend followed by beam B2 strengthened in
its hogging region.

The tested beams experienced two distinct modes
of failure. Control beams B1 and B4 failed in a duc-
tile flexural failure manner, through the yielding of the
main tensile hogging and sagging internal bars at the
same time (as-designed), followed by concrete crush-
ing at the respective opposite sides. On the other hand,
all the strengthened beams failed abruptly in an explo-
sive manner at higher capacities, due to the peeling of
the concrete cover along the steel reinforcement level
adjacent to the external CFRP laminates, as shown
figure 5. It should be noted that neither the extension
of the hogging laminates to cover the whole hogging
region over the central support in B2 nor the mechan-
ical anchorage of the sagging laminates provided by
the U-shaped GFRP sheets adjacent to the supports,
prevented the peeling mode of failure. However, the
previous precautions redirected the peeling away from
the laminates’ ends, as shown in figure 5. It was also
noted that the mechanical anchorage resulted in the
sagging strengthening system being able to sustain
the ultimate load after the occurrence of the peeling
failure. An extreme demonstration of this benefit was
in B5, where de-bonding took place at one span at
84% of its failure load and the beam was still able
to carry higher loads until de-bonding of the second
span at failure. The modes of failure together with
the tested beams capacities, Pu, are summarized in
table 4.

Figure 5. Typical peeling failure of the strengthened beams.
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3.2 Deflections

Figure 6 shows the total load, 2P (P is the mid-span
point load) versus the mid-span deflection, D1, curves
of the tested beams.

Figure 6 shows that all beams exhibited similar pre-
cracking stiffness and deflection responses. It can also
be noted from the figure that all strengthened beams
exhibited higher post-cracking stiffness and smaller
deflection responses when compared to the respective
control ones. The latter aspects were directly propor-
tional to the number of CFRP laminates and were
more pronounced in beams of group (1) with lower
internal reinforcement ratio when compared to these
of group (2), as shown in figure 6. This reveals the
higher efficiency of the CFRP laminates in case of
lower reinforcement ratio. The logical stiffer response
of beams of group (2) with higher internal reinforce-
ment ratio is also noted in figure 6, when compared
to these of group (1). Finally, figure 6 shows that, for
equal number of laminates and reinforcement ratio,
the hogging strengthening of B2 resulted in a similar
response obtained from the sagging strengthening of
B3. However, a lower ultimate deflection was obtained
at a slightly lower capacity for B2, hence, revealing the
higher efficiency of the sagging strengthening near
failure. This is attributed to the fact that the latter sys-
tem resulted in stable simply supported mechanisms
of the adjacent spans after occurrence of the hogging
flexural failure.

3.3 Internal tensile steel strains

Figures 7 and 8 show the total load versus the internal
tensile steel strain curves of the bottom bars at the
mid-span section, S2, and the top bars over the central
support, S4, respectively, for all tested beams.

Figures 7 and 8 show that all beams had similar pre-
cracking responses. They also show that, as designed,
the sagging and hogging bars yielded at the same load
level for the control beams B1 and B4. In addition,
the yielding load level of B4 was higher than that of
B1, due to the higher reinforcement ratio of the former
beam. For each group, the sagging and hogging bars
of the strengthened beams yielded at higher loads than
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Figure 6. Total load–midspan deflection curves.

the corresponding control ones, as shown by the stiffer
post-cracking responses of the former beams indicated
in both figures. The figures also show that these stiffer
responses were directly proportional to the number of
laminates. However, it should be noted that the hog-
ging strengthening of B2 resulted in a lower stiffness
response for its sagging bars at 85% of its failure load,
when compared to B3 (same group but strengthened in
sagging with a similar number of laminates), as shown
in figure 7. This confirms the higher efficiency of the
sagging strengthening near failure. Finally, the general
higher post-cracking stiffness responses of group (2)
beams when compared to these of group (1), can also
be noted in figures 7 and 8.

3.4 Tensile strains in CFRP laminates

Figure 9 shows the total load versus the tensile strain
curves, SC2, at the middle of the CFRP laminates for
all strengthened beams.
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Figure 9 shows that, for all beams, the tensile strains
in the laminates increased significantly after concrete
cracking and yielding of the internal steel bars, until
reaching an average level of 0.0045 at beams’ fail-
ure. The similar pre-cracking stiffness responses of all
strengthened beams and the higher post-cracking stiff-
ness responses of group (2) beams are again witnessed
in the figure. The stiffer post-cracking responses
increasing with the number of laminates are also wit-
nessed in figure 9.This is clearly indicated by the lower
strains at equal load levels as well as the lower fail-
ure strains for the beams strengthened with a higher
number of laminates. The previously established lower
efficiency of the hogging strengthening near failure
compared to the sagging one, is further confirmed by
the lower stiffness response of B2 at approximately
80% of its failure load when compared to that of B3,
as shown in figure 9.

Comparisons of the above laminates’ tensile strain
curves with these in the adjacent internal bars, S2 or
S4, for all strengthened beams till failure, are shown
in figure 10. The figure first shows the nearly similar
pre-cracking strains developed in the laminates and
the adjacent bars. Beyond cracking, the figure shows
that the laminates developed higher strains than the
adjacent bars at equal load levels, hence, revealing
effective composite action between the laminates and
the concrete substrate. The figure also shows that the
previous strains’ difference increased with increasing
loads, until reaching its maximum gap at yielding of
the bars. Beyond yielding, the gap decreased gradu-
ally, as shown in figure 10, since the stiffness of the
internal bars’ responses decreased dramatically. How-
ever, the figure shows that the strains of the laminates
remained higher till failure.

3.5 End support reactions

Figure 11 shows the total load versus the end support
reaction, R1, curves for all tested beams. The elastic
end support reaction response, assuming uniform flex-
ural stiffness along the beam’s span, is also plotted in
the figure.

Figure 11 shows that the pre-cracking responses of
all beams were nearly similar and close to the elastic
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Figure 11. Total load–end support reaction curves.

Table 5. Ultimate load and moment enhancement ratios.

Ult. load Ult. moment
CFRP enhanc. enhanc.

Group Beam laminates ratio ratio
no. no. no. α β

Group (1) B1 None 1 1
B2 2 (top) 1.38 1.55
B3 2 (bot.) 1.5 1.81

Group (2) B4 None 1 1
B5 1 (bot.) 1.28 1.31
B6 2 (bot.) 1.44 1.97

one. With increasing loads after cracking, the end
support reaction for each beam became increasingly
lower than the elastic one till failure, as shown in the
figure, as a result of the loss in the beam’s flexural stiff-
ness and the associated reduction in the portion of total
load transferred to the end supports. Figure 11 also
shows that the former reduction was partially com-
pensated by the sagging strengthening of B3, B5 and
B6, as depicted from their relatively closer reaction
values to the elastic one at equal load levels, when com-
pared to their respective control beams. The previous
increases in the reactions were directly proportional to
the number of sagging laminates provided, as shown
in the figure. Figure 11 also shows that B2 followed an
opposite trend than the previous beams, since its hog-
ging strengthening attracted more load to the central
support region, hence, resulting in the lowest amount
of load transfer to the end supports. Hence, unlike the
hogging strengthening, the sagging one was beneficial
in getting the end support reaction values closer to the
elastic one, as a result of the gained relatively uniform
flexural stiffness along the beams’ spans when com-
pared to the control ones. Finally, the sharp decrease,
shown in figure 11, in R1 response of B5 at around
84% of its failure load is again attributed to the lami-
nates’ de-bonding at one span at this load level, prior
to the de-bonding of the second span at failure.

3.6 Ultimate load and moment enhancement ratios

Table 5 shows the ultimate load and moment enhance-
ment ratios for all strengthened beams. The ultimate
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load enhancement ratio, α, for each strengthened beam
was calculated as the ratio between its total failure load
and that of its respective control beam. The ultimate
moment enhancement ratio, β, of a strengthened sec-
tion for each strengthened beam was calculated as the
ratio between the ultimate moment of that section at
beam’s failure and that of the corresponding section of
the respective control beam. It should be noted that the
experimental moment of each beam at any load level
was calculated from equilibrium considerations using
the values of the end support reaction and mid-span
applied load.

Considering the ultimate load enhancement ratios,
α, of table 5, it can be noted that the sagging or hog-
ging strengthening were effective, since they resulted
in satisfactory capacity enhancements up to 1.5 that
of the control beam. The higher efficiency of those
techniques for lower reinforcement ratio is also noted
from the higher ratio of B3 compared to B6 in the table.
Table 5 also confirms the lower efficiency of the hog-
ging strengthening compared to the sagging one, as
noted from the lower ratio of B2 in comparison to B3.
Finally, the direct proportionality between the number
of laminates and the ultimate load enhancement ratio
is further proven from the higher ratio of B6 when
compared to that of B5 in table 5.

Considering the ultimate moment enhancement
ratios, β, of table 5, it can be noted that all strengthened
sections resisted higher moments than the correspond-
ing ones in the respective control beams. Furthermore,
unlike simply supported beams, table 5 shows that
the moment enhancement ratio of a strengthened sec-
tion in each strengthened beam was higher than the
corresponding beam’s load enhancement ratio, due to
the moment redistribution induced by the increased
stiffness of the strengthened section. Nonetheless, the
two previous ratios are similar in strengthened simply
supported beams.

3.7 Load–moment relationships

Figures 12 and 13 show the total applied load ver-
sus the sagging and hogging bending moment curves,
respectively, of all tested beams. The sagging and hog-
ging bending moment responses obtained from elastic
analysis are also shown in the figures, respectively.

Figures 12 and 13 confirm the nearly similar pre-
cracking responses of all tested beams, which were
also very close to the elastic ones. With increasing
loads till failure, the higher differences between each
beam’s sagging and hogging responses and the corre-
sponding elastic ones, are also shown in the figures.
This is normally attributed to the concrete cracking
as well as the yielding of the internal steel and the
resulting degradation in stiffness. The figures also
show that the sagging moments were always lower
and the hogging moments were always higher than the
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corresponding elastic ones. However, figures 12 and
13 show that the sagging strengthening of the beams
attracted higher sagging moments at the price of lower
hogging ones when compared to the respective control
beams, due to the resulting partial compensation of the
reduced stiffness at their regions.Accordingly, it can be
noted from the figures that the sagging strengthening
brought both sagging and hogging responses of each
strengthened beam closer to the corresponding elastic
ones. The latter improvement was normally directly
proportional to the number of sagging laminates, as
depicted in the figures. The hogging strengthening of
B2 logically resulted in opposite sagging and hogging
responses’ trends, as noted in the figures, hence, con-
firming the previously established disadvantage of the
hogging system compared to the sagging one. The
sharp decrease in the sagging moment and the cor-
responding sudden increase in the hogging moment of
B5 at 84% of its failure load, shown in the figures, is
again attributed to the laminates’ de-bonding at one
span at this load level, prior to the de-bonding of the
second span at failure.

3.8 Moment redistribution and beams ductility

Table 6 shows the sagging and hogging moment redis-
tribution ratios, γ (%), at failure of all tested beams,
defined as follows:
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Table 6. Moment redistribution ratio and ductility index.

Moment redist.
CFRP ratio, γ (%) Ductility

Group Beam laminates index
no. no. no. Sagg. Hogg. µ

Group (1) B1 None −37.36 63.92 1.62
B2 2 (top) −49.29 84.33 1.25
B3 2 (bot.) −24.44 41.81 1.36

Group (2) B4 None −41.98 71.82 1.47
B5 1 (bot.) −40.67 69.58 1.36
B6 2 (bot.) −29.83 51.03 1.13

where Ma = actual experimental failure moment and
Me = corresponding moment from elastic analysis.
First, the moment redistribution ratios were directly
proportional to the internal reinforcement ratio, as
noted from the higher ratios of control beam B4 when
compared to those of B1 in table 6.The table also shows
that the sagging strengthening reduced the sagging
and hogging moment redistribution ratios, as noted
from the lower ratios in B3 compared to B1 as well
as the lower ratios in B5 and B6 compared to B4.
The previous reductions were directly proportional to
the increase in the number of sagging laminates, as
noted from the increasingly lower ratios of B5 to B6
when compared to their control beam B4 in table 6.
The higher efficiency of the sagging strengthening
in case of lower reinforcement ratio is further noted
from the higher reductions in the moment redistri-
bution ratios of B3 than B6 when compared to their
respective control beams in table 6. The opposite trend
followed by B2 due to its hogging strengthening can
be noted in the table, from its higher moment redis-
tribution ratios when compared to its control beam
B1. Finally, the expected constant variations in the
sagging and hogging moment redistribution ratios for
each strengthened beam when compared to its respec-
tive control one should be noted in all previous results
shown in table 6.

On the other hand, the deflection ductility index, µ,
developed by Mukhopadhyaya et al (1998) for simply
supported beams strengthened with GFRP plates, is
adopted in this study and the results shown in table 6.
The latter index was defined as follows:

where 	u = experimental mid-span failure deflection
and 	y = experimental mid-span deflection at yield-
ing of the tensile internal reinforcement.Table 6 shows
that expected lower ductility was experienced for
higher reinforcement ratio, as detected for B4 and
B6 in comparison with B1 and B3, respectively. In
addition, the table shows that all strengthened beams

exhibited lower ductility than the respective control
ones, due to the stiffening effect provided by the lam-
inates. This ductility reduction is normally directly
proportional to the increase in the number of sag-
ging laminates, as noted from the increasingly reduced
ductility in B5 to B6 when compared to their control
beam B4 in table 6. For a similar number of sag-
ging laminates, a beneficial lower ductility reduction
is experienced for beams with lower reinforcement
ratio, as for B3 when compared to B6 relative to their
respective control beams in the table. Finally, the lower
efficiency of the hogging strengthening when com-
pared to the sagging one is further confirmed in table 6,
from the lower ductility of the hogging strengthened
beam B2 than the sagging one B3, in comparison
with control beam B1, although similar number of
laminates was provided in both former beams.

4 CONCLUSIONS

The CFRP strengthening resulted in higher efficiency
for beams with lower reinforcement ratio, in terms of
all aspects of structural behavior till failure.

The CFRP strengthening system was disadvanta-
geous in changing the beams’ failure mode from
ductile flexural to abrupt peeling at reduced ductility.

The extension of the laminates to cover the whole
hogging region as well as the mechanical anchorage
of the sagging laminates, only redirected the peeling
away from the laminates’ ends.

The mechanical anchorage of the sagging lami-
nates resulted in the strengthening system being able
to sustain the failure loads after peeling’s occurrence.

The CFRP strengthening system did not affect the
beams’ pre-cracking behavior, but resulted in general
improvements in all aspects of post-cracking behavior
(more uniform crack patterns, lower deflections and
strains at increased capacities). Higher improvements
were attained for larger number of laminates.

The sagging CFRP strengthening system proved
higher structural efficiency than the hogging one,
especially near failure, as well as lower ductility
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reductions. This is attributed to the former system’s
resulting stable simply supported mechanisms of the
adjacent spans at post-hogging failure.

Unlike the hogging system, the sagging strengthen-
ing resulted in a more uniform stiffness distribution
along the beams’ spans, hence, getting the experi-
mental end support reactions and moments closer to
the elastic ones. Accordingly, the latter system also
resulted in lower moment redistribution ratios.

Unlike simply supported beams, the moment
enhancement ratios of the strengthened continuous
beams were higher than their load enhancement ratios,
due to the moment redistribution induced by the
increased stiffness of their strengthened regions.
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ABSTRACT: Use of FRP composites for strengthening of beams and columns in RC structures has attracted
great attention in recent decades. However, less attention has been paid to strengthening of RC connections
with FRP laminates. In the current study, a FE modeling has been proposed for non-linear analysis of RC joints
covered with FRP overlays. The model consists of the effects of anchorage slip and anchorage extension of
the steel reinforcement in connection zone. As for the creditability of the method, some available experimental
works were modeled and non-linearly analyzed using ANSYS. The results showed that the model can predict the
experimental works with good accuracy. At the end and as a case study, a base joint specimen was strengthened
with FRP laminates in 7 different cases and the specimens were analyzed using the aforementioned modeling.The
results showed that good ductility and strength enhancement could be taken from some of the strengthening cases.

1 INTRODUCTION

Use of FRP composites in strengthening of reinforced
concrete structures has been of great interest for civil
engineers in recent years. Many researches have been
directed to strengthening of different reinforced con-
crete members such as beams, columns and slabs
with FRP laminates; nevertheless, less attention has
been paid to FRP strengthening of reinforced concrete
joints. Parvin & Granata (1998a, b, c, 2000, 2001),
Mosallam (2000), and Gergely et al. (2000) conducted
some experimental and numerical studies on the sub-
ject of strengthening of RC joints with FRP Laminates.
They pointed out to the increase in the strength of joints
and decrease in the ultimate rotation of the joints as
the results of FRP strengthening of RC connections.

Due to complexity of behavior of reinforced con-
crete joints, presenting an appropriate finite element
modeling for non-linear analysis of RC connections
is of great importance. Such a model enables the
researchers to assess the behavior of any reinforced
concrete joint with different dimension and different
configuration of strengthening laminates; while the
similar assessment based on experimental tests in the
laboratory is very difficult due to the limitation in
dimension, cost, and practical aspects.

The main objective of the current study has been
focused on the introduction of a comprehensive non-
linear finite element modeling for the analysis of RC
joints using available softwares. This model when
verified could be utilized to predict the behavior of

RC connections with different amount of longitudinal
and transverse reinforcements in beam and column,
and different configurations of FRP laminates in the
joint region.

2 FINITE ELEMENT MODELING

For non-linear finite element analysis, ANSYS soft-
ware was used. To model the characteristics of con-
crete, SOLID65 element was used. This element is
capable to simulate the cracking and crushing of con-
crete, and to consider the reinforcement as volume
fraction in 3 perpendicular directions, which could
be accounted for the modeling of the transverse rein-
forcement in the members. Furthermore, to model
the longitudinal reinforcement and the FRP com-
posites, LINK8 and SOLID45 elements were used,
respectively.

As for failure criterion, the 5-parameter William-
Varnk model was used.The model is able to account for
the cracking of concrete in tension and crushing of con-
crete in compression; and to take the cracks as smeared
cracks into consideration. Some important parameters
to perform the failure envelope in the model are the
compressive strength of concrete, the modulus of rup-
ture, and the shear transfer coefficients for open and
closed cracks. The latter coefficients may be taken
as 1.0 and 0.2 to 0.25 for closed and open cracks,
respectively, as recommended by Kachlakev et al.
(2001). Furthermore, based on the recommendation of
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Kachlakev et al. (2001), since the crushing of concrete
under pure compression rarely happens, the crushing
could be eliminated from the concrete elements for
better convergence in analysis.

As for the modeling of FRP composites in ANSYS,
an anisotropic material with the name of ANISO was
used. The material in both compression and tension
and in any direction of x, y and z, uses a bi-linear
stress–strain curve.

3 MODELING OF ANCHORAGE SLIP

The anchorage slip and anchorage extension of the
longitudinal reinforcement considerably affect on the
behavior of reinforced concrete joints. It may influence
on the rotation of the joint and even lead to brittle and
sudden failure of the flexural concrete members as
mentioned by Alsiwat & Saatioglu (1992).

To account for the anchorage slip and anchorage
extension of the reinforcement in the current study, the
non-linear spring model recommended by Soroushian
et al. (1988) was used. Two sets of models were con-
sidered to take into consideration the effects of hooked
reinforcement and straight anchored reinforcement;
the pull out–slip relationship for the first one from the
study conducted by Soroushian et al. (1998), and the
bond–slip relationship for the second one based on
the study carried out by Ueda et al. (1987).

4 MODELING OF AN EXTERNAL RC JOINT

An external reinforced concrete joint was selected and
non-linearly modeled in ANSYS using the aforemen-
tioned procedure. The dimension and the reinforce-
ment in beam and column of the joint are shown in
Figure 1. The compressive strength of concrete was
taken as 30 MPa, and the yield strengths of longi-
tudinal and transverse reinforcements were taken as
420 MPa and 280 MPa, respectively.

To model the anchorage slip of longitudinal rein-
forcement of the beam in the joint region, the bars
were generated between separate nodes next to con-
crete nodes. Then, the bar nodes connected to concrete
nodes with non-linear spring elements of COMBIN39
in the software. The end supports of the top and bot-
tom columns were fixed and monotonic concentrated
load applied to the tip of the beam. Finer meshes were
chosen for the connection region due to probability of
stress concentration and more cracking. The meshes
in the beam and column are shown in Figure 1. To per-
form the non-linear analysis, the load applied step by
step and the modified Newton–Raphson method used
for the solution.

As for verification of the results, the connection
theoretically analyzed separately, and the moment–
rotation curve of the joint was drawn regarding the
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Figure 1. Specification of the selected RC joint and its FE
meshes.
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Figure 2. Moment–rotation curve for selected RC joint.
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Figure 3. Reinforcement specification of the RC joint and FRP strengthening plan (Parvin & Granata 2001).

effects of anchorage slip. Figure 2 shows the moment-
rotation curve of the joint extracted from the results
of non-linear FE analysis and theoretical analysis. In
Figure 2, there are two M–θ curves extracted from the
FE analysis; in one of them the rotation (θ) is calculated
as the ratio of the difference of vertical displacements
of points A and B in Figure 1 to their horizontal dis-
tance; and in the other one the rotation is calculated
as integration of the curvature over the length of the
beam, as it is calculated in theoretical analysis.

In Figure 2, an acceptable agreement could be
observed between the moment-rotation curves
extracted from the theoretical analysis and the non-
linear FE analysis with the same procedure of cal-
culation of rotation as in the theoretical analysis.
Furthermore, comparing the moment–rotation curves

drawn from the results of FE analysis with and with-
out the effect of anchorage slip in Figure 2, shows
that disregarding the anchorage slip of the longitudinal
reinforcement in the analysis, significantly underes-
timates the final rotation and the ductility of the
joint.

5 MODELING OF AN FRP STRENGTHENED
RC JOINT

As a verification of the modeling and the analysis for
the RC joint strengthened with FRP composites, an
experimental study conducted on FRP strengthened
RC joint by Parvin & Granata (2001) was selected.
Figure 3 shows the dimension and the reinforcement of
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the specimen as well as arrangement of FRP laminates.
Other characteristics of the materials could be found
in the original paper (Parvin & Granata 2001).

The modeling of the different components of the
specimen was performed as described in the previ-
ous sections. Since in the specimen there is not any
tensile reinforcement at the end of the beam, the solu-
tion stopped right after the occurrence of cracking
at the end of the beam. It is mostly due to instabil-
ity caused by modulus of elasticity being equal to
zero after cracking of the element. To overcome the
problem, a series of dummy elements from LINK8 –
3D truss element – with very small area sections and
from concrete with no cracking property modeled in 3
directions between the end region of the beam and the
column.

The far ends of the columns fixed to the supports
and the monotonic load applied to the tip of the beam.
Figure 4 shows the moment–rotation curves extracted
from the non-linear FE analysis and the experimental
data. Since a very good agreement could be observed
between the curves, it could be concluded that the
presented FE modeling is reliable.

6 CASE STUDY ON SOME STRENGTHENED
SPECIMENS

As a case study on a RC joint strengthened with FRP
laminates, a base joint was selected and 7 different
cases were chosen for its strengthening. A descrip-
tion of the base joint and the strengthened cases is as
follows:

6.1 Control specimen

The control joint specimen known as “Base” is a
connection composed of a column of total height of
6 m and a beam of 2 m connected to the middle of
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the column. Both beam and columns are with the
section of 400 × 400 mm the longitudinal reinforce-
ment of the beam (in tension zone) and column are
ρbeam = 0.3ρmax; 0.8% and ρcolumn = 4%, respectively.
The transverse reinforcement for both beam and col-
umn in connection region is φ10@100 mm; while in
the other parts of the beam and column, it is respec-
tively φ10@175 mm and φ10@400 mm. Note that
connection region is a limited length of the beam and
column where the transverse reinforcement should be
closely spaced according to ACI 318 to provide duc-
tile behavior against earthquake. In the base specimen,
length of the connection region calculated as 800 mm
for the beam and 500 mm for the column.

6.2 Strengthened specimens

Four general strategies considered for strengthening of
the “Base” joint specimen with FRP sheets as follows:

1 L-shape overlays on the beam-column joint
(Fig. 5.a);

2 U-shape overlays under the beam (Fig. 5.b);
3 FRP laminates on both sides of the beam (Fig. 5.c);
4 Column wrapping (Fig. 5.d).

Combining the four aforementioned strategies, 7
cases defined for strengthening of the “Base” spec-
imen as given in Table 1. The thickness of FRP
laminates was taken equal 3 mm for all cases. Other
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Figure 5. Strengthening cases with FRP overlays.
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characteristics of CFRP laminates are given in Table 2.
Note that the characteristics given in Table 2, satisfy
the consistency conditions which are necessary for
a non-isotropic material like ANISO in ANSYS as
described in ANSYS user’s manual (1996) and stated
by Kachlakev et al. (2001).

6.3 Results of the analysis

Different results including the ultimate load, stresses
in concrete and reinforcements, stresses in FRP
laminates, the crack pattern at various stages and the
ductility of each specimen were investigated.

Table 1. Characteristics of the strengthened specimens.

L-shape U-shape Both sides
overlays laminates laminates

Joint Column
name L (mm) L h L h wrapping

S1 400 No
S2 400 Yes
S3 400 200 No
S4 400 200 Yes
S5 400 400 No
S6 400 400 Yes
S7 Yes
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Figure 6. Moment–rotation curves of the base specimen and the strengthened specimens (extracted from non-linear analyses).

Figure 6 shows the moment–rotation curves for
the base and the strengthened specimens. Some other
results including the flexural capacity of the joint,
the ductility factor and the ultimate rotation for all
specimens are given in Table 3.

7 DISCUSSION ON THE RESULTS

7.1 Flexural capacity

The results show that the flexural capacities of the
strengthened specimens have increased compared to

Table 2. Mechanical properties of CFRP laminates used for
FE modeling.

Modulus of In fibers’ direction Ex = 62
elasticity Perpendicular Ey = 4.8
(GPa) to fibers’ direction Ez = 4.8

Tensile In fibers’ direction σx = 935
strength Perpendicular σy = 26
(MPa) to fibers’ direction σz = 10

Compressive In fibers’ direction σ ′
x = 10

strength Perpendicular σ ′
y = 152

(MPa) to fibers’ direction σ ′
z = 232.94

Shear Gxy = 3270 νxy = 0.22
modulus Gxz = 3270 Poison’s ratio νxy = 0.22
(MPa) Gyz = 1860 νyz = 0.30
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that of base specimen. The increase in flexural capaci-
ties of specimens S1 and S2 is due to tensile action of L
shape laminates in tensile face of the beam; however,
in specimens S3, S4, with U shape FRP laminates,
it could be contributed to the preventing from crack
propagation as well as the confinement of the concrete
in compression zone of the beam.

7.2 Ductility enhancement

It could be observed from Table 3 that the highest duc-
tility factor is related to strengthened specimen S2,
and then to specimen S6. The high growth of duc-
tile behavior in specimen S2, may be contributed to
the simultaneous column wrapping and use of FRP
overlays; which cause the end part conditions of the
beam to be close to fix support. The latter provides the

Table 3. Selected results of the non-linear analyses of
strengthened specimens.

Joint Ductility Flexural Ultimate
name factor capacity (kN-m) rotation (rad.)

Base 1.8 153 0.0107
S1 1.25 179.9 0.0077
S2 2.35 219.74 0.0141
S3 2.15 159.81 0.0117
S4 2.23 159.2 0.0122
S5 2.22 204.05 0.0107
S6 2.27 195.1 0.0109
S7 1.83 153 0.0107

Figure 7. Shear failure of joint.

necessary conditions for the longitudinal reinforce-
ment of the beam to yield right after the strengthened
length, which may be interpreted as movement of the
plastic hinge. The relative increase in ductility factors
of the specimens S3 to S6 is basically due to confine-
ment of the compression concrete of the beam caused
by the FRP laminates over the compression region of
the beam, which leads to the improvement of the duc-
tility of the beam and the whole connection. It could
be seen from Table 3 that the column wrapping with
FRP composites increases the ductility of the joint
compared to the similar specimens without column
wrapping.

7.3 Ultimate rotation

The ultimate rotation in strengthened specimen S1 has
decreased compared to that of base specimen, while it
has increased or has not changed in the other strength-
ened specimens as shown in Table 3. In fact, the L
shape overlays without column wrapping have dimin-
ished the rotation of the joint. However, the column
wrapping with FRP laminates has provided a more
ductile behavior for the whole connection with a higher
ultimate roation.

7.4 Mode of failure

Mode of failure in connections is from the most impor-
tant behavioral characteristics which is determinative
for ductile behavior and energy absorption in the joint.
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Scrutiny in the results of the analyses showed 3 types
of failure in the connection specimens as follows:

1 Flexural failure at the end of beam at the face of
column (full flexural cracks at the end of beam).
This type of failure observed in specimens “Base”,
S3, S4, S6 and S7.

2 Flexural failure in the beam at a distance equal to
length of strengthening overlays from the face of the
column. This type of failure observed in specimens
S1and S2.

3 Shear failure of joint as shown in Figure 7 (diagonal
cracks in conjunction of beam and column). This
type of failure observed in specimen S5.

8 SUMMARY AND CONCLUSIONS

In this paper, attempt was made to introduce a ratio-
nal and comprehensive procedure for modeling of
FRP strengthened RC connections for non-linear FE
analysis. Appropriate elements from ANSYS were
chosen to account for realistic behavior of each com-
ponent in the connection, and the modeling and the
analysis procedure were verified using some existing
experimental data. A case study on a typical RC con-
nection with some particular strengthening strategies
with FRP laminates was performed. The results of this
study could be summarized as follows:

1 Realistic non-linear analysis of RC connections
with FRP overlays could be performed using
ANSYS.

2 The modeling of anchorage slip in the embedded
reinforcement is possible using non-linear spring
models.

3 Ignoring the anchorage slip of the longitudinal rein-
forcement of the beam embedded in column in FE
analysis, leads to underestimating of the ultimate
rotation of the joint up to 25%.

4 L shape overlays from FRP composites at beam-
column connection plus column wrapping with FRP
laminates, and U shape overlays under the beam are
very good strengthening strategies for strength and
ductility enhancement in the RC joints.
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ABSTRACT: The SoutheastAsian region has witnessed a rapid increase in the application of FRP reinforcement
in beam, slab and column strengthening in recent years. However, due to its climatic, geographical and political
characteristics, there are several unique research works which are highlighted herein. First, the performance of
FRP-strengthened beams under tropical climate is discussed. It was found that without appropriate protection of
the FRP reinforcement, the combined effect of UV radiation, wetting and heating could result in a reduction in
flexural capacity of the strengthened beams of about 10% in six years. Under sustained service load, the reduction
increased drastically, depending on the type of FRP system. Next, the structural response of FRP-strengthened RC
shear walls under far-field earthquake effects is examined using both pushover and cyclic load tests. Compared
to the un-strengthened wall, the strength and ultimate displacement of the walls were increased by about 30 and
20% respectively. Finally, the response of masonry walls against blast effects is discussed. Both laboratory and
field tests indicated that masonry walls could be effectively strengthened with FRP systems to take blast loads.

1 INTRODUCTION

The Southeast Asian region comprises ten coun-
tries, Brunei, Cambodia, Indonesia, Laos, Malaysia,
Myanmar, Philippines, Singapore, Thailand, and
Vietnam. It has a population of about 500 million,
a total area of 4.5 million square kilometers, and a
combined gross domestic product of US$737 billion
(ASEAN 2004). The author has earlier discussed the
status, prospects and research needs related to FRP
reinforcement for the region (Tan 1997). It was pos-
tulated that “FRP applications may be expected to
increase, especially in view of the good economic
growth of the region and the need to upgrade struc-
tures either due to the affluence of society or damage
caused by environmental or human factors”.

Since then, the region has witnessed an increasing
application of FRP reinforcement in the construction
industry, especially in recent years. Typical applica-
tions include beam, slab and column strengthening;
and fundamental research in these areas had been car-
ried out in several institutions in the region. Due to its
geographical, social, economic and political character-
istics, however, there are some unique issues for which
research activities had been focused on and these are
highlighted in this paper.

First, the performance of FRP-strengthened
beams under tropical climate is discussed. GFRP-
strengthened beams, some of which were subjected
to sustained loads, were placed in simulated tropical
weather chamber for periods of up to one year. The
combined effect of ultra-violet (UV) radiation, wetting

and heating on the flexural capacity of the strengthened
beams is discussed.

Next, the structural response of FRP-strengthened
RC shear walls under far-field earthquake effects is
examined using both pushover and cyclic load tests on
scaled specimens. Finally, the structural protection of
masonry walls against blast effects is discussed using
the results of field tests.

2 PERFORMANCE OF FRP-STRENGTHENED
BEAMS UNDER TROPICAL CLIMATE

2.1 Test program

The high average annual temperature, high humidity
and relatively constant UV dosage in tropical coun-
tries such as Singapore is believed to have detrimental
effects on the mechanical performance of externally
bonded FRP systems, which may thus affect the
performance of FRP-strengthened structures.

A durability study has therefore been carried out at
the National University of Singapore to investigate the
effects of tropical climate on the engineering proper-
ties of glass FRP composites and FRP-strengthened
beams. An accelerated test chamber was designed
to simulate the tropical climate, as characterized by
the meteorological data of Singapore for the period
between 1987 and1997. The typical daily event was
reproduced by a 4-hour test cycle, comprising 1.5
hours of heating using UV-A light source (represent-
ing sunshine hours), 1.5 hours of wetting (rain) and
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Figure 1. FRP-strengthened RC beams (Top: internal rein-
forcement; Bottom: external reinforcement).

Table 1. Properties of fiber fabrics and resins.

G1 G2

Fiber type E-Glass E-Glass
Tow sheet form Unidirectional Bidirectional

roving woven roving
Tensile strength (MPa) 1700 130
Elastic modulus (GPa) 71 11
Ultimate strain (%) 2.0 1.25

Resin type 2-part, 100% Orthophthalic
solid, low viscosity unsaturated
amine-cured epoxy polyester

Tensile strength (MPa) 54 30
Elastic modulus (GPa) 3.00 0.67
Ultimate strain (%) 2.5 4.4

1 hour of dark period (night). While the proportions of
light/dark and wet/dry periods, and relative humidity
(RH) level were kept the same as that of the outdoor
condition, the UV-A irradiance was increased by six
times. At six test cycles per day, the test chamber pro-
vides weathering effects at an accelerated rate of six
(Liew & Tan 2003).

Besides tensile and bond specimens, small rein-
forced concrete beams bonded with two types of GFRP
composites, as shown in Fig. 1, were fabricated and
exposed outdoor and in the weathering chamber, and
tested after exposure periods of up to one year.

The properties of the fiber sheets and resins for
the two GFRP systems, G1 and G2, according to the
manufacturers’ specifications, are shown in Table 1.

2.2 Deterioration of FRP material properties
and beam strength

The appearance of the tensile specimens after one-
year outdoor exposure or two-month accelerated test
is shown in Fig. 2. For G1 composites, the origi-
nal bluish color of epoxy faded and the surfaces lost
their gloss, revealing the embedded whitish E-glass
fibers. Similarly, the translucent polyester resin in
G2 composites turned whitish and the surface texture

(b) G2 (a) G1

Figure 2. Appearance of FRP Composites (Left to right:
under indoor ambient condition for 1 year, under outdoor
condition for 1 year, under accelerated weathering for 2
months).
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Figure 3. Reduction in tensile strength of GFRP Compos-
ites under tropical weathering.

became powdery, exposing the bi-directional E-glass
fibers with time.

Figure 3 illustrates the reduction in tensile strength
over time for specimens placed in the tropical envi-
ronment. It can be seen that the reduction in tensile
strength could be as large as 50 percent in six years
or 70 percent in 50 years for both the GFRP systems
investigated. Similar reduction in FRP-concrete inter-
facial bond strength has been observed (Tan 2004).

The FRP-strengthened beams could fail by concrete
crushing, rupture of FRP composites or bond fail-
ure of the FRP-concrete interface. By incorporating
the time-dependent material properties obtained from
the weathering tests, the failure modes and flexural
strength of the strengthened beams could be predicted
using the strain compatibility approach for different
periods of exposure to the tropical climate.

Table 2 shows that both the failure modes and ulti-
mate flexural strength could be accurately predicted.
Also, the ratios of the flexural strength of weathered to
un-weathered beams indicated a 10% reduction in flex-
ural strength for both G1 and G2 FRP-strengthened
beams, after 72 months (or six years) of exposure under
tropical climate.
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Table 2. Ultimate strength of selected FRP-strengthened
beams.

Outdoor Pred. Test
age, t Pu(t) Pred. Pu(t) Test

Specimen** (mths) (kN) F.M.* (kN) F.M.*

OB-G1-6 m 6 44.8 FR 46.5 FR
CB-G1-1 m 6 44.8 FR 47.9 FR
OB-G1-1y 12 44.4 FR 47.5 FR
CB-G1-2 m 12 44.4 FR 44.8 FR
CB-G1-6 m 36 42.9 FR 44.2 FR
CB-G1-1y 72 41.8 FR 41.6 FR

OB-G2-6 m 6 37.0 CC/FR 43.2 CC
CB-G2-1 m 6 37.0 CC/FR 42.7 CC
OB-G2-1 y 12 36.5 FR 34.5 FR
CB-G2-2 m 12 36.5 FR 42.4 FR
CB-G2-6 m 36 35.8 FR 40.4 FR
CB-G2-1 y 72 35.2 FR 32.4 FR

* Failure Mode – CC: Concrete crushing; FR: GFRP rupture.
** OB: Outdoor Exposure; CB: Weathering Chamber.

Table 3. Effect of combined sustained loading and tropical
weathering on ultimate strength of FRP-strengthened beams.

Without sustained With sustained
load load

Weathering
Period Pu Failure Pu Failure

Specimen (days) (kN) mode* (kN) mode*

G1-0d 0 45.4 CC 45.2 CC
G1-5d 5 46.2 CC 33.5 CC
G1-15d 15 43.7 CC 31.8 CC
G1-1m 30 48.0 FR 36.1 CC

G2-0d 0 39.0 CC 39.4 CC
G2-5d 5 40.4 CC 27.6 CC
G2-15d 15 42.3 CC 27.3 CC
G2-1m 30 42.6 CC 26.7 CC

* CC: Concrete crushing; FR: GFRP rupture.

2.3 Effect of sustained loads

A limited number of G1 and G2 FRP-strengthened
beams were subjected to sustained loads equal to about
50% of the ultimate load-carrying capacity of the
un-strengthened beam. This was done by placing two
50 mm diameter rods in between the top faces of a
pair of beams at third points, and subjecting the beams
to forces applied through two prestressing bars placed
adjacent to each ‘support’end of the beams.The beams
were then placed in the weathering chamber for peri-
ods of up to one month.Thereafter, they were subjected
to loading as shown in Fig. 1 to failure.

As indicated in Table 3, there is an obvious reduc-
tion in load-carrying capacity, especially for beams
strengthened with G2 composites, due to the combined
effect of sustained loading and tropical weathering.

As the ultimate strength of the un-strengthened
beam was about 27 kN, the contribution of the FRP
composites was reduced by more than 50% for G1
FRP-strengthened beams and totally nullified in the
case of G2 FRP-strengthened beams within a short
time. Even though the number of specimens is too
few for a more conclusive deduction, it is clear that
some form of protection is required of the FRP
reinforcement.

3 STRENGTHENING AGAINST FAR-FIELD
EARTHQUAKE EFFECTS

3.1 Characteristics and concerns

Although some countries like Malaysia, Singapore,
and some regions of Thailand are sited away from
active earthquake belts, they share a common concern
of the far-field effect on tall buildings constructed on
soft ground due to major earthquakes some 350 to
700 km away. Such earthquakes produce waves that
travel far along the rock bed and are amplified through
soft ground, causing undesirable vibrations of build-
ings whose natural period of vibration is close to that
of the ground motions.

High rise RC shear wall frame buildings in
Singapore, typically seen in housing estates, are
designed according to BS8110 (1985) which does not
provide for any seismic actions. Studies were there-
fore carried out to evaluate their vulnerability to low
seismic excitation (Li et al. 2004).

3.2 Strengthening of shear core wall

A 25-storey point block, the plan view of which is
shown in Fig. 4, was considered as the prototype for
study. The I-shaped shear core walls each consists of
symmetrical left and right flanges joined by a web.
The lower 2.59 story of the prototype was chosen for
pushover and cyclic load tests.

Four scaled models of the shear wall, two without
FRP retrofitting and the other two that were bonded
with one-layer glass FRP system (consisting fabrics
of 915 g/m2 in unit weight and 0.352 mm in thickness,
with Young’s modulus of 69.7 GPa, ultimate tensile
strength of 1668 MPa and corresponding strain of
0.02), were fabricated. The model wall was 1036 mm
high, and 1314 mm after attaching the load transfer
beams to the top of the wall. The length of the flange
wall was 657 mm, and the length of the web wall
was 955 mm. The thickness of the wall was 45 mm
throughout.

For each pair of specimens, one was subjected to
pushover test while the other to cyclic loading, as
shown in Fig. 5. To simulate axial loadings from upper
stories, a uniformly distributed load was applied on
the top of the wall using post-tensioning tendons to
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Figure 4. Plan view of prototype 25-story point block.
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Figure 5. Load test on I-shaped wall retrofitted with glass
FRP system.

produce an average axial compression ratio of 0.24.
The lateral load from the actuator was applied to the
top of the wall through the transfer beams.

The pushover test was carried out at a slow rate of
0.006 mm/s. For the cyclic loading, the rate was as fol-
lows: 0.006 mm/s in the first three cycles (with peak
displacements of 3 mm, 6 mm and 9 mm); 0.01 mm/s
in the fourth cycle (with a peak displacement of
12 mm), and 0.05 mm/s in the final cycles (with peak
displacements of 15 mm twice and 30 mm twice).

3.3 Effectiveness of FRP system

Under both pushover tests (Kong et al. 2003) and cyclic
load tests (Li et al. 2004), the control (unstrengthened)
walls failed ultimately in a brittle manner due to diago-
nal cracks that originated from the compressive edge at
the bottom of the side flange to the ‘second story’level.
The FRP-strengthened wall failed in a more ductile
manner with FRP debonding and concrete crushing,
followed by FRP rupture at the base of the side flange
that was under compression. The ultimate loads for
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Figure 7. Load–displacement relations of control and
FRP-strengthened walls under cyclic load tests.

the control and FRP-strengthened specimens under the
pushover tests were 148 kN and 215 kN respectively.

Figure 6 compares the load–displacement relation
of the walls under pushover and cyclic load tests. It is
seen that the pushover load test is a simple and back-
bone representation of the cyclic load behavior. The
load–displacement relation of the FRP-strengthened
wall under cyclic load test is compared to that of the
control specimen in Fig. 7. It is found that due to the
installation of FRP reinforcement, the ultimate load
capacity and displacement were increased by about
20% and 30% respectively.

4 STRUCTURAL PROTECTION AGAINST
BLAST EFFECTS

4.1 Domestic gas explosions and terrorist acts

In recent years, explosion incidents due to accidents or
terrorist acts have become a global concern, as is of the
Southeast Asian region. A unique study was therefore
carried out at the National University of Singapore to
strengthen un-reinforced masonry brick walls against
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blast effects. A scheme, using a primary externally
bonded FRP system and a secondary steel anchorage
and stiffener frame, was conceptualized, developed
and tested in the laboratory and in the field (Patoary &
Tan 2003, Tan & Patoary 2004).

The characteristic wall response under lateral loads
was first determined from laboratory tests on isolated
and in-built wall specimens. A simplified method to
derive the blast resistance of strengthened masonry
walls from static test results was then established.
Based on parametric studies, charts to aid in strength-
ening design to mitigate blast effects were developed.
Field tests were carried out in Australia and Singapore
together with dynamic analysis using DIANA finite
element software to confirm the viability of the devel-
oped scheme.

4.2 Blast resistance and static strength

To evaluate the blast resistance of the wall, first, the
pressure-time history is obtained from the program
CONWEP (TM5-855-1 1986) for an assumed TNT
charge. The pressure-time history is simplified to an
equivalent triangular pressure pulse with zero rise time
defined by peak pressure P and the positive phase
duration td .

For a given structure or structural member, the nat-
ural period Tn could be determined from its mass
and equivalent elastic stiffness, either based on static
test results or analytical modeling. Thus, knowing the
value of td/Tn, the dynamic load factor DLF, which
is the ratio of the maximum dynamic deflection to
the deflection that would have resulted from the static
application of the peak pressure, could be read from the
chart of TM5-1300 (1990). The required static resis-
tance of the wall is calculated as the peak pressure
multiplied by DLF. If the required static resistance is
equal to the actual static resistance of the wall, then
the blast resistance is determined. Otherwise, a differ-
ent TNT charge is assumed and the procedure repeated
until convergence is obtained.

Figure 8 shows the blast resistance in terms of
TNT charge at 10 m stand-off distance for 1 m by 1 m,
115 mm (half-brick) thick walls strengthened with
FRP systems. It is interesting to note that the blast
resistance is linearly proportional to the static strength
enhancement, defined as the ratio of the ultimate load
capacity Pu of the strengthened wall to that of the
un-strengthened wall Po. Also, the blast resistance
depends on the failure mode, being highest for flexu-
ral compression, next for punching shear and least for
flexural debonding.

4.3 Field tests

Four large-scale blast tests were carried out in
Woomera, Australia, two between September and
October, 2002, and the other two in May 2004. Of the
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Figure 8. Relation of blast resistance to static strength
enhancement.

first two tests, one test involved 27 tonnes of explo-
sives while the other test 5 tonnes of explosives. For
each test, three box structures were located at scaled
distances (defined as R/W 1/3 where R is the distance
from the center of the charge in meters and W is the
mass of spherical TNT charge in kg) of 2, 3 and 4.2.
Each box module had two 2.4 m wide by 2.1 m high
side walls and one 1.7 m wide by 2.1 m high back
wall, all constructed of masonry bricks of half- or full-
brick thickness and reinforced with FRP systems with
or without intermediate stiffeners. All the test walls
survived the blasts without damage (Tan 2003).

The subsequent two tests were conducted on the
same six walls that survived the first two tests. The
walls were subjected to TNT charge of 5 tonnes, and
were placed at scaled distances of 1.5, 2.5 and 3.5 for
the third test. One of the walls in the third test was
placed together with the other three walls in the fourth
test, at scaled distances of 0.5, 2, 3 and 4.2. Despite
the more severe and repetitive blasts, all walls survived
with no visible damage.

The Australian tests involved specimens placed rel-
atively far from the blast source. Two separate tests
were carried out on an offshore island in Singapore to
study the behavior of FRP-strengthened walls subject
to close-distance blasts. As shown in Fig. 9, four wall
specimens, W1, W2, W3a and W3b, were prepared and
tested.

Each wall measured 1.8 m wide, 1.4 m high and
230 mm in thickness, and was bonded with two sheets
of glass FRP fabrics of 915 g/m2 (with thickenss of
0.352 mm per sheet, Young’s modulus of 69.7 GPa,
ultimate tensile strength of 1668 MPa and correspond-
ing strain of 0.02), both on the front and back faces.
Except for Wall W2, each wall was further anchored to
the abutment frame using steel angles and anchor bolts.
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Figure 9. Field tests on strengthened walls subjected to
close-distance blasts.

Walls W1 and W2 were placed at 8 m and 10 m
respectively from the blast source, which was set at
1 m above the ground, to be in line with the centers
of the walls. Both Walls W3a and W3b were placed at
12 m from the blast source.

The walls were subjected to a 80-kg TNT charge
in the first instance. Except for small pits due to the
impounding soil particles and slight debonding of the
FRP reinforcement at the top of the walls on the back
face, there was hardly any damage.

Figure 10(a) shows the displacement-time history
for the walls. It is seen that the maximum displace-
ment sustained decreased with the distance from the
blast source. The results of Walls W3a and W3b were
quite similar, confirming the reliability of the field
measurements.

The appearance of Wall W1, which was placed clos-
est to the blast, after the second test using 110-kg
TNT charge is shown in Fig. 11. A large portion of
the FRP reinforcement, covering about one-third of
the wall surface, has debonded from the front face
of the wall. On the back face, the debonded area has
extended downward from the top of the wall, although
it was not as extensive as for the front face. This
wall was observed to move backwards with respect
to the abutment-frame, with a longitudinal separa-
tion gap between the bottom edge of the wall and the
anchoring angle.

Wall W2, which was not anchored to the
abutment-frame, suffered increased debonding of FRP
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Figure 10. Distance-time history of FRP-strengthened
masonry walls subject to TNT charge at 8-m stand-off.
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Separation

Figure 11. Appearance of FRP-strengthened wall W1 after
subjecting to 80-kg and 110-kg TNT charge at 8-m stand-off.

reinforcement from the top of the wall on both the front
and back faces. However, the extent is not as large as
in Wall W1, probably due to the slightly further dis-
tance from the blast. The other two walls, W3a and
W3b, however, did not show any serious damage or
debonding of FRP reinforcement.
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The displacement-time history of the walls after the
second blast is shown in Fig. 10(b). All walls were
displaced more than they were during the first blast.
The larger maximum displacement sustained by Wall
W2 compared to Wall W1 was probably due to the
absence of anchoring angles, which resulted in lesser
restraint to rotation at the edges of the wall.

5 CONCLUDING REMARKS

The Southeast Asian region has seen a rapid increase
in the use of FRP reinforcement in recent years, par-
ticularly in strengthening works. Besides fundamental
research on typical beam, slab and column strengthen-
ing, some unique research pertaining to the climatic,
geographical and political situations of the region have
also been pursued. Three such research works were
highlighted in this paper.

The study on glass FRP reinforcement under accel-
erated weathering indicated that without additional
protection, glass FRP reinforcement that is frequently
used due to economical reasons is liable to deteriorate
under the combined effects of rain, shine and UV radi-
ation that are characteristics of the tropical climate.
This is particularly so when the structure is further
subjected to sustained loads.

In structural protection, FRP reinforcement was
found to contribute effectively to enhanced ultimate
load capacity, and ultimate displacement and ductil-
ity of shear walls that were not originally designed for
seismic actions, under lateral loads. Also, it was found
to be an efficient material in strengthening masonry
walls against blasts. Further works in FRP research
are expected to increase in the Southeast Asian region,
considering the increasing interests in the material
among the community.
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Evaluation, selection and acceptance criteria for using FRP systems
for strengthening reinforced concrete and masonry structures

R. Jamaji, J. Quek & S.K. Savardekar
FYFE Asia Pte Ltd, Singapore

ABSTRACT: Rapid growth in the structural rehabilitation industry in Southeast Asia has seen the advent of
a variety of new materials and techniques for strengthening purposes. One such technique is the use of fibre
reinforced polymers (FRP) or composite systems for structural strengthening and retrofitting of concrete and
masonry structures. The perceived simplicity in using FRP for strengthening such structures has brought about
a spate of composite material suppliers in the Southeast Asian region. It is of prime importance to realize that
the incorporation of FRP systems for structural purposes is not merely limited to supply and sale of constituent
materials and site application but encompasses a wide range of issues pertaining to their development such as
testing, environmental durability, usage, material quality control and post-installation quality assurance. The
absence of relevant regional standards should however not act as a deterrent to using composite systems for
structural strengthening.Technical reports, papers published by various engineering organizations, FRP societies,
technical committees, researchers and academics from universities regionally and worldwide are available to
assist engineers in the evaluation, acceptance, selection and use of an appropriate FRP system for structural
purposes. This paper aims to present various issues that need to be considered in evaluating, accepting and
selecting a FRP system for structural use based on documented resources that are currently available.

1 INTRODUCTION

With the increased popularity and use of fibre rein-
forced polymers or composite systems in the structural
repair and rehabilitation industry in Southeast Asia,
the need to understand evaluation and acceptance cri-
teria for specification of such systems is being felt
more and more by engineers, specifiers, and agen-
cies ordering structural retrofit using composites.
The technique of using FRP systems for structural
enhancement mitigates several disadvantages inherent
in the conventional strengthening methods and hence
it is gaining preference over traditional strengthening
methods such as concrete jacketing, steel plate bond-
ing and sprayed concrete. Furthermore, successful
track records of the incumbent composite develop-
ers and applicators has also helped raise confidence
levels of engineers in specifying use of composites
for structural applications. To seize the opportuni-
ties created by the increased demand of FRP systems
amid lack of regional standards pertaining to their
specification and usage, many organisations that were
traditionally involved in the business of conventional
repairs or supply of construction materials and chem-
icals have jumped into the business of selling FRP
systems with insufficient knowledge about their mate-
rial characterisation, application, performance, and

long-term durability. This has led many of these agen-
cies to misrepresent an assortment of fibre fabrics
and resins collected from disparate sources as valid
structural composites. It is, therefore, important for
engineers and specifiers to develop a clear understand-
ing of the requirements for characterisation, evaluation
and acceptance of a FRP system before its incorpo-
ration for structural purposes to ensure a sound and
durable structural retrofit.

In the absence of relevant local standards and
codes of practice, reliance is laid on reports and
recommendations of technical committees set up by
professional societies and engineering bodies of inter-
national stature for the purpose of standardising the
use of FRP systems for structural applications. The
following sections will cover some of the guidelines
for selection of a suitable composite system for struc-
tural applications to ensure the intended structural
performance as well as a durable retrofit.

2 CATEGORISATION AND CHOICE OF
COMPOSITE SYSTEMS

Composite systems can be categorised either on the
basis of their constituent materials or their methods of
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production and application. Generally, a typical FRP
system that is bonded to the external surface of the
member being strengthened comprises of continuous
high strength fibres composed of either of e-glass, car-
bon, aramid or a combination of these, embedded in
an epoxy resin matrix.The resin matrix not only serves
the function of fixing the reinforcing fibres in place
but also provides a shear path to effectively transfer
load between the fibres (ACI 2002). The fibrous con-
stituent of a composite system may be produced in dry
woven fabric form or as a unidirectional sheet of con-
tinuous parallel dry fibres or as a pre-cured pultruded
section. On the basis of their methods of applica-
tion, composite systems may be categorised as wet
lay up (dry fibre fabrics or sheets saturated with resin
at project site), pre-impregnated systems (factory-
saturated but uncured fabrics or sheets) or pre-cured
laminate systems (pultruded fibres and shapes pre-
cured in a resin matrix). The choice of appropriate
constituent materials for a composite system and its
method of installation may be based on but not limited
to the following factors:

• Level and type of strengthening required.
• Desired mechanical and physical properties.
• Profiles and dimensions of the structural elements

that require strengthening.
• Anticipated service and environmental exposure

conditions.
• Compatibility of the resin with and its adhesion to

the fibres and concrete.

3 BASIS AND LEVEL OF STRENGTHENING

The feasibility of using a specific type of compos-
ite system for strengthening of structural elements
should be based on the results of a thorough struc-
tural investigation to determine in-situ strengths of
their constituent materials (concrete, reinforcing steel)
and resulting load carrying capacities. An assessment
report, tabulating deficiencies in the capacities of
structural elements to resist existing loads or additional
loads intended to be imposed, shall be prepared from
the results of investigation and analysis and used as a
basis for FRP strengthening.

As in the case of all externally applied strength-
ening systems, a judicious approach is to limit the
extent of strengthening such that in the event of loss
of the externally applied FRP system, the retrofitted
element is capable of resisting at least unfactored dead
plus live loads (ACI 2002). This limit on strengthening
is imposed to guard against collapse of the structure
should an accidental failure of the FRP system occur
due to fire, vandalism, or other unforeseen causes.
Overall structural adequacy of the element should be
considered in the design process as strength enhance-
ment against a particular mode of failure (e.g. bending)

may increase the vulnerability of the element towards
another failure mode (e.g. shear). Other factors such
as acceptable levels of safety against serviceability
requirements such as deflection and cracking, ser-
vice temperatures, fire protection, ultimate fatigue
strength etc. should also be given due consideration
when deciding on the viability of using a composite
system for structural strengthening.

4 COMPOSITE SYSTEM EVALUATION
CRITERIA

Proprietary composite systems should have been
developed through material characterisation and struc-
tural testing. A composite system considered for use
should have sufficient test data demonstrating ade-
quate performance of the system in similar applica-
tions, including its method of installation. Untested
combinations of fibres and resins could yield an unex-
pected range of properties as well as potential material
incompatibilities (ACI 2002).

The evaluation criteria should examine crucial
parameters of a composite system concerning com-
posite material properties, behaviour under various
anticipated environmental exposures, actual perfor-
mance under loads vis-à-vis the theoretical calculated
strength enhancement and its installation procedure.
The following approach may be used by structural
engineers prior to selection of a suitable composite sys-
tem to evaluate the efficacy of an FRP system, intended
for use in a structural strengthening application.

4.1 Material characterisation

The properties of a FRP system should be char-
acterised as a composite, recognizing not just the
material properties of the individual fibres, but also
the efficiency of the fibre-resin system and fabric
architecture. Every system is unique in that fibres and
resin components are designed to work together (Fib
2001). The specified material-qualification programs
should require sufficient laboratory testing to measure
the repeatability and reliability of critical proper-
ties. Testing of multiple batches of FRP materials is
recommended for this purpose (ACI 2002).

The material characterisation exercise involves
ascertaining mechanical and physical properties of
the FRP system intended for use as an engineering
material. Besides the standard mechanical properties
such as ultimate tensile strength, tensile modulus, and
elongation at break that are essentially required for
design purposes, properties such as fatigue, creep,
coefficient of thermal expansion, impact, and inter-
laminar shear strength should also form part of the
test regime. Repeatability and reliability of the critical
material properties should be validated by carrying out

256



Table 1. Material Characterisation Testing (ICC 2003).

Number of
System properties Test method specimens*

Tensile strength ASTM D 3039–95a 20
Elongation ASTM D 3039–95a 20
Tensile modulus ASTM D 3039–95a 20
Coefficient of ASTM D 696–91 or 5

thermal expansion E 1142-97
Creep ASTM D 2990-95 5
Void content ASTM D 2584-94 or 5

D 3171-95
Glass transition ASTM D 4065-95 20

(Tg) temperature
Impact ASTM D 3029-94, 5

Method 1
Composite interlaminar ASTM D 2344-84 20

shear strength (1995)

* Specimen sets shall exhibit a coefficient of variation (COV)
of 6 percent or less. Outliers are subject to further investiga-
tion according toASTM E 178. If the COV exceeds 6 percent,
the number of specimens shall be doubled.

adequate number of laboratory tests ensuring that the
composite system exhibits a uniform range of values
for various application conditions. The constituents of
the composite system should thus be engineered so
as to attain a desired range of physical and mechan-
ical properties of the system. The use of untested or
off-the-shelf combinations of fibres and epoxy resins
to form a composite for structural applications is
prohibited as the resulting system could exhibit an
unpredicted range of properties as well as potential
material incompatibilities (ACI 2002). Some of the
tests that a composite system should undergo as part
of its stringent material characterisation regimen are
listed in Table 1 above. Submission of the relevant test
reports should form an essential part of the acceptance
criteria. Figure 1 and Figure 2 show some of the mate-
rial characterisation tests underway on a composite
system.

4.2 Durability criteria

Long term exposure to certain environmental con-
ditions such as UV light, alkalinity, saltwater, high
temperature, high humidity, freeze thaw cycles and
some chemicals can adversely affect the constituents
of a composite system, thereby leading to drop in
its initially characterised mechanical properties and
intended performance overtime (CSTR55 2000). Loss
in the mechanical properties of an FRP system upon
exposure to various environmental conditions over-
time should be determined by carrying out accelerated
laboratory tests that simulate anticipated long-term
environmental exposure conditions. Resulting loss in

Figure 1. Testing to determine mechanical properties of a
cured composite as part of material characterisation (Fyfe
2001).

Figure 2. Testing to determine shear bond strength of cured
composite with concrete as part of material characterisation
(Fyfe 2001).

mechanical properties should not exceed the limits
prescribed by standards such as ASTM. Based on
environmental exposure conditions, the guaranteed
laboratory test values of the material properties need to
be reduced appropriately for use in design equations.
Various available documents on the use of compos-
ites prescribe environmental safety factor values and
design approaches to handle different environmental
exposure conditions. Table 2 below shows some of
the accelerated environmental ageing tests and cor-
responding acceptance criteria for an FRP system.
Only such FRP systems whose behaviour and perfor-
mance under various adverse environmental exposure
conditions have been assessed to conform to relevant
standards should be recommended for structural use
(ICC 2003).
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Table 2. Environmental durability testing of the composite matrix (ICC 2003).

% Retention of
mechanical properties

Environmental Test Test
durability tests specifications Test cond’n duration 1000 hrs 3000 hrs

Water resistance ASTM D 2247-97 100% immersion 1000, 3000 & 90 85
ASTM E 104-85 (96) at 38◦C 10000 hrs

Saltwater resistance ASTM D 1141-91 100% immersion 1000, 3000 & 90 85
ASTM C 581-94 at 24◦C 10000 hrs

Alkali resistance ASTM C 581-97 100% immersion 1000 & 3000 hrs 90 85
in CaCO3, pH 9.5

Dry heat resistance ASTM D 3045-92 62◦C 1000 & 3000 hrs 90 85
Freeze thaw cycle ICC AC 125 −17◦C (4 hrs)/100% 20 cycles 90 90

humidity (12 hrs)
Fuel resistance ASTM C 581-94 Exposure to diesel fuel 4 hrs. (min.) 90 90

Figure 3. Cyclic load test
on full scale bridge pier.
The control specimen shows
extensive cracking of the RC
pier (Fyfe 2001).

Figure 4. Cyclic load text
on the same full scale bridge
pier strengthened with FRP.
Specimen shows no crack-
ing of the RC pier (Fyfe
2001).

4.3 Performance criteria

Composite systems shall be selected based on their
known behaviour in the anticipated service conditions.
Independent structural testing is required to evalu-
ate a composite system’s performance for a specific
application (ACI 2002). Theoretical strength enhance-
ments obtained from design equations and engineering
analysis should be verified by carrying out load tests
on control and strengthened specimens of structural
components. The test specimens should be represen-
tative of the as-built elements in terms of physical
dimensions, constituent materials, reinforcement as
well as FRP strengthening details. Such tests must sim-
ulate actual expected loading conditions, deflections,
ductilities and support conditions. Figures 3–6 show

Figure 5. Cyclic load test on a full scale control circular
column specimen. Lateral load vs. deflection chart shows a
ductility of 3 (Fyfe 2001).

Figure 6. Cyclic load test on the same full scale FRP
strengthened circular as-built column shows an increase in
ductility to 10 (Fyfe 2001).

examples of cyclic load tests on control and strength-
ened specimens of a bridge pier and an as-built circular
column to validate the use of FRP for seismic appli-
cations. Excessively scaled down specimens should
not be used unless results of load tests conducted
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Figure 7. A bridge span strengthened for increase in live
loads with a composite system being subjected to full service
loads to evaluate its performance (Jamaji et al. 2003).

Figure 8. Data acquisition and monitoring post strengthen-
ing performance of the bridge span (Jamaji et al. 2003).

on full scale specimens earlier are already available
and subsequent tests are required for verification of
repeatability criteria only. Results obtained from tests
on highly scaled down specimens may overestimate
the actual level of strength enhancement attained by
using an FRP system on as-built elements.

For critical or large scale applications, a structural
test program on intended application may be speci-
fied as part of system qualification criteria prior to
incorporation of composite system. If feasible, pre
and post strengthening load tests may be conducted
on the element/structure, to compare various struc-
tural parameters such as strains and deflections to
validate the composite system’s performance. These
tests can be considered as proof load tests only as
they would only indicate the ability of a structure to
resist short-term service loads, rather than indicating
its ultimate load carrying capacity or long-term perfor-
mance. Thus, composite systems should be qualified
for use on a project only on the basis of available docu-
mented structural test data for the intended application.
Figure 7 and Figure 8 show an example full service
load testing and monitoring of critical parameters for
a bridge span strengthened with an FRP system.

4.4 Prequalification from an installation
perspective

Composite system manufacturers generally specify
their own proprietary installation procedures, which
may vary among various manufacturers. However, the
key parameters that are critical to the performance of
the FRP system can be evaluated on common grounds.
As such, evaluation of a composite system from instal-
lation perspective should be based on, but not limited
to the following parameters.

4.4.1 Installer competency
The composite system installer, if different from the
system developer, should get all his installation per-
sonnel trained and certified by the FRP system devel-
oper (CSTR55 2000). The installer should be able to
produce evidence of training of its installation per-
sonnel as well as of having successfully completed
projects using FRP in the past. In addition, the FRP
system installer should essentially be competent to
carry out general concrete repair and surface prepa-
ration works which normally precede the composite
installation and are crucial to the overall success of
the FRP strengthening technique. For uncommon or
critical installations, a “mock-up” of surface prepara-
tion and composite application on a test area should
be additionally specified.

4.4.2 Fibre impregnation method
In order that a wet lay-up FRP system can develop
its specified properties, it should be ensured that
the fibre-resin ratio is in accordance to the manu-
facturers specifications. High resin content can over
saturate the fabric and may have an adverse effect on
the composite material properties, whereas, low resin
content can starve the fibres of the saturant thereby
leading to ineffective load transfer and bonding of
the fibres to the substrate. The use of mechanised
equipment such as resin impregnators or fabric sat-
urators that effectively control the fibre-resin ratio
should be a standard requirement for all wet lay up
type applications. Figure 9 shows a mechanical fab-
ric impregnator/saturator in operation. However, for
situations where manual saturation of the fibres is
inevitable, the fibre resin ratio should be effectively
controlled by saturating a known quantity of fibres
with the required quantity of resin by manual means
prior to application on the element. Manual satura-
tion may be allowed considering the competency and
experience of the composite installer.

4.4.3 Fibre orientation
The strength enhancement provided by a composite
system depends on the alignment of its primary fibres
in the direction of force on the element. Deviation
of fibres from the desired orientation can adversely
affect the actual strength enhancement gained by
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Figure 9. A mechanical fabric saturator to control the
fibre-resin ratio in operation (Fyfe 2001).

Figure 10. Fibres of non-engineered fabrics separate and
misalign during cutting, saturation and installation reducing
the intended strength of the FRP system (Jamaji et al. 2003).

Figure 11. Properly engineered fabrics retain their strength
and integrity after saturation and during installation (Jamaji
et al. 2003).

the element (Fyfe 2001). Therefore, the installation
procedure proposed for a composite system should
appropriately address the issue of fibre fraying and
mis-alignment commonly caused by the inability of a
fabric to retain its structure upon cutting, saturation
and installation (see Figure 10). FRP systems that use
specifically engineered fabrics that retain their struc-
ture on cutting, saturation and installation should only

be recommended for structural strengthening use (see
Figure 11). All fabrics intended to be specified for a
structural strengthening applications should be sub-
jected to a simple manual test to determine the ability
of the fabric to resist fraying and separation of the
fibres upon installation.

5 CONCLUSION

The use of FRP systems for strengthening reinforced
concrete structures is a viable and attractive alterna-
tive to conventional strengthening techniques in the
techno-commercial sense and thus has seen rapid pro-
liferation and deployment worldwide. However, in
order to achieve the overall objective of a long-term
and durable structural retrofit, the composite system
proposed should be thoroughly evaluated for its suit-
ability before its acceptance for intended structural
application. The evaluation criteria, based on avail-
able international documentation on the use of FRP
systems, should encompass the issues pertaining to
consistency of material properties, durability under
anticipated environmental exposure conditions, per-
formance under intended use and pre-requisites for
installation. Hence, composite systems developed for
structural strengthening applications should be viewed
as much more than just fibre-resin combinations.
Structural engineers and designers should only specify
those FRP systems for use in structural strengthening
applications that have qualified the evaluation criteria
as set forth above.
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Long-term deflections of FRP-strengthened beams under sustained loads

M.K. Saha & K.H. Tan
National University of Singapore, Singapore

ABSTRACT: External bonding of FRP composites to the tension soffit of reinforced concrete beams has
proven to be an effective method for flexural strengthening. However, the long-term serviceability of such FRP-
strengthened beams is still a concern due to lack of long-term performance data.This study aims to investigate the
long-term deflection characteristics of FRP-strengthened beams under sustained loads. Nine reinforced concrete
beams, externally bonded with glass FRP reinforcement were subjected to sustained loads for six months.The test
parameters were FRP reinforcement ratio and sustained load levels. The long-term deflections were found to
reduce by 16 and 26 percent for beams with FRP reinforcement ratios of 0.64 and 1.92 percent, respectively.Also,
the deflections were found to be lesser for lower level of sustained loads. The total beam deflections predicted
using the Effective Modulus Method (EMM), were found to compare with the experimental results well, being
conservative by about 20%.

1 INTRODUCTION

Deflections constitute one of the important service-
ability criteria in the design of concrete structures.
To keep the deflections of reinforced concrete (RC)
members within allowable limits, some control mech-
anisms, such as appropriate design and construction
procedures and the use of appropriate materials like
short fiber reinforcements to provide higher beam
stiffness and better crack control, have been recom-
mended by ACI Committee 435 (1995).

The use of continuous fiber sheets impregnated in
resin matrix or what is commonly termed as fiber
reinforced polymer (FRP) composites can be another
measure for deflection control as unidirectional FRP
composite possesses high stiffness-weight ratio and
has a high resistance to creep deformation (Phillips,
L. N., ed. 1989). Therefore, when externally bonded
to RC beams, it should offer improved resistance to
deflections due to sustained loading which includes
time-dependent deflections that are governed by creep
and shrinkage of the constituent materials.

Although some works have been carried out on the
instantaneous deflection control of RC beams using
externally bonded FRP system (El-Mihilmy et al.
2000), no studies were performed with respect to
long-term deflection control.

Along with ACI approach (ACI Committee 318
1989), some analytical methods (Ghali and Favre
1986, Gilbert 1999) are available to compute the
long-term deflections in RC members.These are based
on strain compatibility and equilibrium of forces with
different models to account for the curvature due to

creep and shrinkage. Gutiérrez et al. 1996, on the other
hand, introduced a time-step method for the analy-
sis of stress and strain incorporating the functions of
creep and shrinkage of concrete. Once the curvature is
known, deflections can be computed by double inte-
gration of the curvature or by using conjugate beam
method.

For the case of steel fiber reinforced concrete
(SFRC) beams, analytical methods to predict long-
term deflections have been proposed by Tan et al.
(1994) and Ezeldin et al. (1995). Tan et al. (1994) pro-
posed the Effective Modulus Method (EMM) using
ACI’s recommended creep and shrinkage model to
compute the long-term deflections.

This paper presents the experimental investiga-
tion on long-term deflection control of RC beams
using externally bonded FRP system and compares
the results with the analytical predictions based on the
Effective Modulus Method.

2 ANALYTICAL PREDICTIONS

The instantaneous deflection of a simply supported
elastic beam of span length l, subjected to uniformly
distributed load w, can be expressed as:

where Ec is the modulus of elasticity of concrete and
Ie is the effective moment of inertia of the concrete
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section, which, based on Branson (1977)’s formula, is
given by:

where Mcr = cracking moment; Ma = maximum
applied moment; and Ig and Icr = moment of inertia of
a gross and a cracked section, respectively. The crack-
ing moment can be calculated from elastic theory. For
an uncracked transformed section of a FRP-bonded
beam (Fig. 1), Ig can be expressed as:

where b = width, h = height, ȳ = distance of neutral
axis from the top fiber, nco = Eco/Ec = ratio of mod-
ulus of elasticity of FRP composite to concrete,
tco = thickness of FRP composite layer, dco = effective
depth of composite layer from top concrete fiber.

For a cracked section:

where d and d ′ = distances from extreme compres-
sive surface to the centroids of tensile and compressive
bars, respectively; As and A′

s = total area of tensile and
compressive bars, respectively, n = Es/Ec = modular
ratio of steel to concrete. The neutral axis, x for a
cracked section can be determined considering strain
compatibility and equilibrium of forces.

2.1 Long-term deflections

The creep coefficient for concrete can be expressed as
(ACI 209R 1982):
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Figure 1. Concrete section before and after cracking.

where t is the time when deflection is to be computed,
t0 is the age of concrete at the time of application of
loading, and a, b, c are experimental constants. Creep
coefficient for FRP composites can be derived empir-
ically following the idealized relationships between
the logarithms of the fiber strain and the time for any
particular stress level (Holmes and Just 1983), thus:

where t is the time in hour, t0 = 1 hour. Here n is the
gradient of the curve which has to be determined from
experimental results.

Therefore, the effective modulus of elasticity for
concrete can be expressed as [Neville et al. (1983)]:

and the effective modulus of elasticity for FRP com-
posite can be expressed as:

By putting the values of Ee(t, t0) and Eco(t, t0) in
place of Ec and Eco respectively, the neutral axis, xt
can be found after any time period. Using xt , Icr,t and
Ie,t can be calculated after any time t by placing these
parameters in Eqs. (4) and (2) respectively. Then using
Ee(t, t0) and Ie,t in Eq. (1), the “instantaneous plus
creep” deflection can be found.

Curvatures due to shrinkage of concrete in an asym-
metrically reinforced concrete member can be found
by fictitious tensile force method (ACI Committee
435.2R 1966):

Here, Ts is the fictitious compressive force induced to
the steel and FRP composite; e is the eccentricity of the
steel and FRP composite from uncracked transformed
concrete section centroid. For a FRP-bonded section:

where ȳt is the centroid of uncracked transformed con-
crete section from the top fiber and εsh(t, t′) is the
shrinkage strain at time t, with drying commencing
at time t′. The shrinkage strain can be expressed as:
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where α is an experimental constant and εsh,u is the
ultimate shrinkage strain. Shrinkage of FRP composite
can be ignored as the main component responsible for
the shrinkage of composite that is the resin, is known to
have shrinkage of the order of 2% by volume (Holmes
and Just 1983).

The deflection due to shrinkage for a simply sup-
ported beam can be expressed as:

This deflection will be added to the previously deter-
mined “instantaneous plus creep” deflection to get the
total deflection.

3 TEST PROGRAM

A test program as shown in Table 1 was initiated to
investigate the effect of glass FRP reinforcement on
long term deflection and to verify the accuracy of the
analytical predictions.

A total of nine beams were fabricated. Three
beams (designated CB-∼) were not bonded with FRP,
three beams (GB1-∼) were bonded with 1 layer
(0.8 mm thickness) of glass FRP (FRP reinforcement
ratio = 0.64%) and the remaining three (GB3-∼) were
bonded with 3 layers (2.4 mm thickness in total) of
glass FRP (FRP reinforcement ratio = 1.92%); the
FRP reinforcement ratio being defined as FRP rein-
forcement area divided by gross area of concrete.

Three of the beams (one each of the beams with FRP
reinforcement ratios of 0%, 0.64% and 1.92%) were
loaded to the service load level (ultimate strength/1.7
or 0.59Pu) computed for the beam without FRP. In
the same way, the other six beams (three beams in
each group) were loaded to the service load level
computed for the glass FRP-bonded beams with FRP
reinforcement ratios of 0.64% and 1.92% respectively.

3.1 Material properties

Concrete – To achieve a 28-day concrete cube com-
pressive strength of 40 MPa, the mix proportion was

Table 1. Test program.

FRP reinforcement ratio (%)
Total sustained
load (kN) 0 0.64 1.92

15.8 (0.59P∗
0) CB-59 = 0.59P0 GB1-49 = 0.49P1 GB3-40 = 0.40P3

18.8 (0.59P∗
1) CB-70 = 0.70P0 GB1-59 = 0.59P1 GB3-49 = 0.49P3

22.8 (0.59P∗
3) CB-85 = 0.85P0 GB1-70 = 0.70P1 GB3-59 = 0.59P3

*Flexural capacity of the un-strengthened beam = P0
Flexural capacity of the 1-layer GFRP-strengthened beam = P1
Flexural capacity of the 3-layer GFRP-strengthened beam = P3

set at 1:1.96:2.6:0.53 by the weight of Ordinary Port-
land Cement, natural sand, crushed granite of 10 mm
nominal size and water. A total of six cubes (100 ×
100 × 100 mm), six cylinders (150 mm diameter and
300 mm height) and six prisms (100 × 100 × 400 mm)
were cast to measure the concrete cube strength, mod-
ulus of elasticity and modulus of rupture at 28 days
respectively. The average values of the concrete prop-
erties are shown in Table 2. Data for concrete creep
and shrinkage function were taken from the literature
(Tan et al. 1994).

Steel Reinforcement – Tests were conducted to
measure the yield strength and modulus of elasticity.
Three types of reinforcements were used. Hot-rolled
deformed high yield bars (T10 – 10 mm diameter
as tensile reinforcement and T6 – 6 mm diameter
as compressive reinforcement) as longitudinal rein-
forcement, and plain round hot rolled mid-steel bars
(R6–6 mm diameter) as transverse reinforcement were
used. The average values of yield strength and mod-
ulus of elasticity of reinforcement bars are shown in
Table 3.

Glass Fiber Reinforced Polymer (GFRP) – The
properties of fiber and resin, as supplied from the man-
ufacturer, are shown in Table 4. Uni-directional roving
E-glass fiber with a two-part, 100% solid, and low vis-
cosity amine cured epoxy were used to form the GFRP
composite of 0.8 mm thickness per layer. Primer was

Table 2. Concrete properties.

Concrete cube strength (MPa) 39.5
Modulus of elasticity (GPa) 27.2
Modulus of rupture (MPa) 4.67

Table 3. Steel reinforcement properties.

Reinforcement Yield strength Modulus of elasticity
type (MPa) (GPa)

Tension, T10 520 194
Compression, T6 525 183
Shear, R6 212 200
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Table 4. Fiber and resin properties.

Fiber Type E-glass
Sheet form Uni-directional roving
Tensile strength (MPa) 1700
Modulus of elasticity (GPa) 71
Ultimate strain (%) 2

Resin Type Two part, 100% solid,
low viscosity, amine
cured epoxy

Tensile strength (MPa) 54
Modulus of elasticity (GPa) 3
Ultimate strain (%) 2.5

10 mm dia
longitudinal bar

6 mm dia stirrup

6 mm dia
longitudinal bar

6 mm dia stirrup 75 mm c/c

24 mm

99
 m

m

100

125 mm

1800 mm

2000 mm

end cap

Figure 2. Glass FRP-bonded RC beams and section
properties.

used, according to the manufacturer’s instruction, to
prepare the beam surface for proper bonding of GFRP.

3.2 Specimen details

The specimen configuration is shown in Fig. 2. All
the beams are 100 × 125 mm in cross-section and
1800 mm in span length. They were longitudinally
reinforced with two T10 bars (10 mm diameter) as ten-
sile reinforcement and two T6 bars (6 mm diameter) as
compressive reinforcement. R6 stirrups (6 mm diame-
ter) were placed at a spacing of 75 mm throughout the
entire length of beam so as to prevent the beams from
failing in shear.The tensile reinforcements were placed
at a depth of 99 mm while the compressive reinforce-
ment depth was 24 mm from the top surface. At the
GFRP cut-off points near the end span, carbon fiber
sheet was attached transversely to prevent any type
of premature debonding of the GFRP from the beam
soffit.

3.3 Test set-up and instrumentation

The beams were simply supported over a 1800 mm
span on the steel frame as shown in Fig. 3. Loads were
applied using concrete blocks and steel plates at quar-
ter points along the span to simulate uniform loading.

Figure 3. Test set-up for glass FRP-bonded RC beams.

Electrical strain
gauge

Demec gauge for
strain

Dial gauge for
deflection

Bottom face

Side face

Top face
80 mm

Figure 4. Instrumentation for glass FRP-bonded RC beams.

The instrumentation on the beams is depicted in
Fig. 4. Strain gauges of 5 mm length were mounted
on the tensile reinforcement bars at ¼th, mid and ¾th
span before casting of beams. Strain gauges were also
installed on the concrete top and bottom faces at ¼th,
mid and ¾th span for each beam. Four pairs of demec
pins of 200 mm gauge length were installed on the side
face of each beam at mid-span.

Deflections were measured at mid-span, quarter
spans and at end supports using a transferable dial
beam.Also, two dial gauges were placed at mid span on
front and back sides of the beam at 10 mm away from
the beam edges to nullify any unintentional adverse
effect due to loading.After adjusting for the end move-
ment, the average of the two dial-gauges readings was
taken as the mid- span deflection.

Readings were taken on the days of 1, 3, 5, 7, 10,
14, 21 days, weekly up to 3 months, and every 15 days
thereafter till 6 months.

4 TEST RESULTS

Test results were collected up to 6 months after the
sustained loading was imposed. In Fig. 5, the long-
term deflections for beams are compared with respect
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Figure 5. Long-term deflections for glass FRP-bonded RC beams subjected to different load levels.
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Figure 6. Long-term deflections for glass FRP-bonded RC beams with various amount of FRP subjected to same load levels.
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Figure 7. Long-term deflections for glass FRP-bonded RC beams subjected to same sustained load ratio.

to the sustained load levels. As expected, the higher
the sustained load, the higher was the deflection.

In Fig. 6, the beams are grouped according to the
magnitude of the sustained loads. Under the same
magnitude of sustained loads, the larger the FRP
reinforcement ratio, the smaller was the long-term
deflection. Under the service load (0.59 P0) of the con-
trol beam, the long-term deflection of GB1-49 is 14%
lesser than the control beam (CB-59) after six months.

Under the service load for beam GB1 (0.59 P1),
the long-term deflection for beam GB1-59 and beam
GB3-49 are 14% and 18% lesser than for beam CB-70,
respectively.

For beams loaded at the service load of beam GB3-
59 (0.59 P3), beam GB3-59 showed 26% and beam
GB1-70 showed 16% less deflection than for beam
CB-85.

In Fig. 7, deflections are compared among the
beams loaded to the same percentage of their respec-
tive flexural capacity. In general, there is very close
correlation among the beams subjected to the same
sustained load ratio. However, on closer examination,
especially for beams GB3-49 and GB1-49 that were
subjected to lower sustained load levels, the higher the
FRP reinforcement ratio, the larger is the long-term
deflection under a specific sustained load ratio. This
implies that the contribution of externally bonded glass
FRP to long-term deflection control is not exactly pro-
portional to its contribution to the flexural strength of
the beam.

A comparison between the prediction of the EMM
and test results is shown in Fig. 8. The method is, in
general, conservative; the average difference is 23%
with respect to the values at the end of six months.
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Figure 8. Comparison of test results with analytical prediction.

5 CONCLUSIONS

The following conclusions can be made from the
results obtained so far:

(1) The contribution of externally bonded glass
FRP to long-term deflection control is distinctly
proven.

(2) The contribution of FRP in deflection control is
not to the same extent as flexural strengthening,
especially at lower sustained load levels.

(3) The higher the sustained load, the higher was the
long-term deflection.

(4) Under the same sustained load, the larger the FRP
reinforcement ratio, the smaller is the long-term
deflection.

(5) The proposed Effective Modulus Method predicts
the experimental results well and is conservative.
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of RC beams
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ABSTRACT: This paper presents the results of an experimental program designed to evaluate the performance
of FRP-strengthened RC beams incorporating ECC as a ductile layer around the main flexural reinforcement
(ECC layered beams). The load-carrying and deflection capacities as well as the maximum FRP strain at failure
are used as criteria to evaluate the performance. Further, 2-D numerical simulation is performed to verify the
experimental results.The results have shown that ECC can indeed be used to delay debonding of the FRP resulting
in effective use of the FRP material. The method of using ECC in combination with FRP can be adopted for
repair and strengthening of deteriorating RC structures.

1 INTRODUCTION

The applications of Fibre Reinforced Polymer (FRP)
Composites to concrete structures have been studied
intensively over the past few years in view of the
many advantages that FRPs possess (Teng et al. 2002,
Täljsten 2003). While FRP has been shown to be effec-
tive in strengthening RC beams, strength increases
have generally been associated with reductions in the
beam deflection capacity due to premature debonding
(Bonacci & Maalej 2002, Buyukozturk et al. 2004).
Debonding failure modes occur mainly due to interfa-
cial shear and normal stress concentrations at FRP-cut
off points and at flexural cracks along the RC beam.

In the present study, it is suggested that if the
quasi-brittle concrete material which surrounds the
main flexural reinforcement is replaced with a duc-
tile engineered cementitious composite (ECC), then
it would be possible to delay the debonding failure
mode and hence increase the deflection capacity of
the strengthened beam. ECC is a cement-based mate-
rial designed to exhibit tensile strain-hardening by
adding to the cement-based matrix a specific amount
of short randomly-distributed fibres of proper type and
property (Li and Leung 1992, Li 2003). ECCs are char-
acterized by their high tensile strain capacity, fracture
energy and notch insensitivity (Maalej et al. 1995).
Under uniaxial tension, sequentially developed paral-
lel cracks contribute to the inelastic strain at increasing
stress level. The ultimate tensile strength and strain
capacity can be as high as 5 MPa and 4%, respectively.
The latter is two orders of magnitude higher than that
of normal or ordinary fibre reinforced concrete.

When ECC is introduced in a RC member, more
but thinner cracks are expected to form on the beam

tensile face rather than fewer but wider cracks in the
case of an ordinary concrete beam (Maalej & Li 1995).
More frequent but finer cracks are expected to reduce
crack-induced stress concentration and result in a more
efficient stress distribution in the FRP layer.The objec-
tive of the present paper is therefore to establish both
experimentally and numerically the structural perfor-
mance of FRP-strengthened RC beams incorporating
a ductile ECC layer around the main flexural reinforce-
ment. The load-carrying and deflection capacities as
well as the maximum FRP strain at failure are used as
criteria to evaluate the performance.

2 EXPERIMENTAL INVESTIGATION

2.1 Experimental investigation

Two series of RC beams were included in the experi-
mental program. One series consisted of two ordinary
RC beams (beam A1 and A2) and another series con-
sisted of two ECC layered beams (ECC-1 and ECC-2).
In each series, one specimen was strengthened using
externally-bonded CFRP while the second was kept
as a control in order to compare its load–deflection
behaviour under third-point loading with the strength-
ened specimen. The ECC layer was about one third of
the total depth of the beam as shown in Figure 1 and
only one layer of CFRP sheet was used to strengthen
the beam. The specimen dimensions and reinforce-
ment details of the ECC layered beams were similar to
those of the ordinary RC beams (A1 and A2), except
that for beam ECC-2, the distance between the sup-
port and the CFRP cutoff point was increased from
25 mm to 100 mm to intentionally increase the peeling
stresses in the region around the CFRP cutoff point.
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Section A-A

Figure 1. Specimen reinforcement details.

Table 1. Fibre properties.

Young’s Tensile
Length Diameter modulus strength

Fibre type (mm) (µm) (GPa) (MPa)

Steel 13 160 200 2500
Polyethylene 12 39 66 2610

Table 2. ECC and concrete mix proportions (by weight).

Silica
Material Cement FA CA fume WRA Water

ECC 1.00 – – 0.1 0.02 0.28
Concrete 1.00 2.09 2.55 – 0.02 0.43

FA = fine aggregates; CA = 10 mm maximum-size coarse
aggregates; WRA = water reducing admixture.

Table 3. CFRP properties provided by manufacturer.

Ea Ga ta Ep fpu εpu
Property (MPa) (MPa) (mm) (GPa) (MPa) (%)

Value 1824 622 0.636 235 3550 1.5

The ECC material used in this investigation was
reinforced with both high modulus (steel) and rela-
tively low modulus (polyethylene) fibres with respec-
tive volume fractions of 0.5% and 1.5%.The properties
of both fibres are given in Table 1. In addition, Type I
portland cement, silica fume and superplasticizer were
used to form the cement paste. Further details on the
mix constituents of the ECC and the concrete are given
in Table 2. The material properties for the CFRP and
those for the ECC and concrete at 28 days are shown
in Tables 3 and 4, respectively. A typical tensile stress–
strain curve of ECC obtained from a laboratory test is
shown in Figure 2.

To measure the tensile strain distribution in the
CFRP, the CFRP sheet in each strengthened beam

Table 4. Material properties of ECC and concrete.

Compressive Tensile Modulus of
strength strength elasticity

Material (MPa) (MPa) (GPA)

ECC 54.0 3.28a 18.0
Concrete 44.8 3.43b 29.0

(ECC-1 & ECC-2)
Concrete 42.8 3.41b 27.3

(A1 & A2)

a Direct tensile; b Split cylinder.
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Figure 2. Tensile stress–strain curve of ECC.

Table 5. Location of strain gauges on the CFRP sheet along
half the length of the beam.

Distance from beam edge (mm)

FRP Gauge number
cutoff

Beam Support point 1–10 11 12 13 14

A2 75 100 120– 340 420 580 825
300 (ctr.)

ECC-2 75 175 195– 415 495 655 825
375 (ctr.)

was instrumented with 27 electrical strain gauges
distributed along the length of the beam. The detail
positions of the strain gauges are shown in Table 5. A
total of 10 strain gauges spaced at 20 mm were placed
near the cutoff point to measure the steep variation of
strain (see Figure 3).

2.2 Test results

The load–deflection curves of the control as well as the
CFRP-strengthened ECC beams (beams ECC-1 and
ECC-2, respectively) are presented in Figure 4 together
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20mm spacing for first 10 strain gauges

Concrete CFRP

Figure 3. Instrumentation of CFRP sheet for measuring
strain distribution.
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Figure 4. Load–deflection curves of beams A1, A2, ECC-1,
and ECC-2.

Table 6. Summary of test results.

Load at Deflection at
failure failure Max

CFRP
Pfail % of 	fail % of strain at Failure

Beam (kN) ctrl. (mm) ctrl. failure mode

A1 60.4 – 38.6 – – CC*
A2 77.5 128 21.9 57 0.00991 ICID**
ECC-1 62.4 – 31.4 – – CC
ECC-2 89.5 143 29.6 94 0.01137 ICID

* CC = concrete crushing; ** ICID = intermediate crack-
induced debonding.

with the load–deflection curves of beams A1 and A2.
A summary of the test results is shown in Table 6.

The failure mode of both CFRP-strengthened
beams was by intermediate flexural crack-induced
interfacial debonding. For Beam ECC-2, however,
about half of the CFRP sheet (along the longitudinal
direction of the beam) was seen to debond followed
by complete debonding of the CFRP sheet as shown
in Figure 5.

It can be seen from Figure 4 that the ultimate load
of beam ECC-1 was slightly higher (3% more) than

Plate debonding  and
separation

Figure 5. Debonding and separation of CFRP in beam
ECC-2.

that of beam A1. The slight increased of strength may
be attributed to the contribution of the ECC material to
the moment capacity of the beam section because of its
ability to carry tensile stresses.As for the strengthened
beams, beam ECC-2 depicted higher load-carrying
capacity compared to beam A2. If expressed in term of
strengthening ratio, ECC-2 had a strengthening ratio
of about 1.43, compared to 1.28 for beam A2. Also,
it can be seen that beam ECC-2 showed a signifi-
cantly higher deflection capacity (29.6 mm) at peak
load compared to beam A2 (21.9 mm). If one looks
at the ductility indices, beam ECC-2 had a deflec-
tion ductility (Spadea et al. 2001) and energy ductility
(Naaman & Jeong 1995) of 2.30 and 1.70, respectively,
which are about 39% and 22% higher than those for
beam A2, respectively.

On the cracking behaviour, both ECC-1 and ECC-2
showed considerable number of fine cracks compared
to the ordinary RC beams (beam A1 and A2) as
revealed in Figures 6 and 7. The crack spacings were
consequently much smaller in the former beams, par-
ticularly in ECC-2. These multiple but fine cracks play
a major role in reducing crack-induced stress concen-
tration resulting in more efficient stress distribution
in the CFRP sheet and a better stress transfer between
the FRP and the concrete beam. This delays intermedi-
ate crack-induced interfacial debonding and results in
higher strengthening ratio and higher deflection capac-
ity and, therefore, a more effective use of the FRP
material.

The use of ECC layer is also expected to delay
plate-end peeling of the concrete cover due to the
high fracture energy of the ECC material (Maalej
et al. 1995). In this experiment, despite the large dis-
tance between the support and the FRP cutoff point in
beam ECC-2, plate-end debonding or concrete cover
peeling were not observed. Based on the models by
Saadatmanesh & Malek (1998) and Smith & Teng
(2002), an ordinary RC beam with a cutoff distance
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(a) A1 control beam 

(b) ECC-1 control beam

Figure 6. Cracking behaviour at midspan of control beams
A1 and ECC-1, respectively.

(a) Cracking patterns of beam A2

(b) Cracking patterns of beam ECC-2

Figure 7. Cracking patterns in beamsA2 and ECC-2 around
the loading point.

equal to that of ECC-2 would have failed by peeling
of the concrete cover.

3 FINITE ELEMENT INVESTIGATION

A numerical simulation using the finite element analy-
sis (FEA) package DIANA (de Witte & Feenstra 1998)
was performed to verify the experimental results such
as the load–deflection curves and the strain distribu-
tion in the CFRP reinforcing layer. The FEA model
used for beam ECC-2 was similar to that of beam
A2 except that the bottom one-third of the beam was

Table 7. Input parameters for ECC.

Parameter Values

Young modulus (GPa) 18.0
Poison’s ratio 0.2
Drucke-Prager yield criteria
• C, Sin �, Sin � 22.66, 0.1736, 0.1736
Tensile strength, fct (MPa) 3.28
Compressive strength, f ′

c (MPa) 54.0
Multi-linear tension curve 0.00, 0

3.28, 0.00018
4.20, 0.023
0.80, 0.06
0.80, 0.1

Shear retention, Beta (β) 0.2

C = cohesion; � = friction angle; � = dilatation angle.

Table 8. Input parameters for concrete.

ECC-1 &
Property\Specimens A1 & A2 ECC-2

Young modulus (GPa) 27.3 29
Poison’s ratio 0.2 0.2
Drucke-Prager yield criteria
• C, 17.98, 18.8,

Sin �, 0.1736, 0.1736,
Sin � 0.1736 0.1736

Tensile strength, fct (MPa) 3.41 3.43
Compressive strength, f ′

c (MPa) 42.8 44.8
Tension stiffening
• Maximum tensile strain εs 0.003 0.003
Shear retention, Beta (β) 0.2 0.2

Table 9. Input parameters for steel reinforcement.

Property Value

Young modulus, E (GPa) 180
Yield strength, σy (MPa) 547

modeled with ECC and the CFRP cutoff distance was
increased from 25 mm to 100 mm.

As the ECC material is characterized by its tensile
pseudo-strain hardening behaviour, the user-defined
multi-linear tension-softening model in DIANA was
used to model the ECC tensile behaviour (Figure 2).
The plasticity of both ECC and concrete in compres-
sion was modeled using the Drucker-Prager plasticity
model. The input values for concrete, ECC and steel
reinforcement are shown in Tables 7 to 9.

3.1 Load–deflection curves

Figures 8 and 9 show the load–deflection responses of
the control beams (A1 and ECC-1) and the CFRP-
strengthened beams (A2 and ECC-2), respectively.
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Figure 8. Load–deflection response of control beams.
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Figure 9. Load–deflection responses of strengthened
beams.

Overall, it can be seen that the finite element model
predicts the load–deflection responses reasonably
well.

3.2 CFRP strain distribution

The peak-load strain distribution in the CFRP for
beams A2 and ECC-2 is shown in Figure 10. It can
be seen that the strain values are in reasonable agree-
ment with the experimental values, except at the
constant moment region where the predicted CFRP
strains are somewhat higher than the experimentally-
measured values. At high strain values (>10,000 µε),
the integrity of the bond between the strain gauge and
the CFRP could be seriously affected and hence may
not be able to measure the true strain in the CFRP.

3.3 CFRP stress distribution

Figure 11 shows the shear stress distribution in the
adhesive layer of beams A2 and ECC-2. For beam
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Figure 10. CFRP strain distribution of beam A2 and ECC-2
at peak load.
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Figure 11. Shear stress distribution in the adhesive layer of
beam A2 and ECC-2.

A2, the shear stress distribution is not smooth and
oscillations are seen to form across the beam span.
These oscillations are attributed to the formation of
transverse cracks at the tensile face of the concrete
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beam. In the case of beam ECC-2, however, no signif-
icant oscillation of shear stress is noticed. The shear
stress distribution is considerably smoother due to the
fine width of the crack in the ECC layer.

Beam A2 failed by intermediate crack-induced
debonding at a peak load of 77.5 kN. It is assumed
in this case the shear stress in the adhesive layer had
reached a critical value. From Figure 11(a), it can be
seen that all along the CFRP layer, the maximum shear
stress in beam A2 is significantly lower than that in
beam ECC-2.Therefore, it is expected that beam ECC-
2 would fail at a critical load significantly higher than
77.5 kN (the failure load of beam A2). Indeed, beam
ECC-2 failed at a peak load of 89.5 kN by intermedi-
ate crack-induced debonding. Figure 11(b) compares
the shear stress distribution for both beams at their
respective peak loads. It is seen that the shear stress
in beam ECC-2 reaches a peak of 3.14 MPa at a dis-
tance of about 300 mm from midspan (or 50 mm away
from loading point along shear span of the beam).
It is interesting to note that this is the same location
where the shear stress distribution in beam A2 has a
local peak (the global peak occurs at a distance of
560 from midspan). It is also interesting to note that
this is the same location around which intermediate
crack-induced debonding is believed to have initiated
in both beams.

At a load of 77.5 kN, the shear stress distribution in
beam ECC-2 was not sufficiently critical to cause fail-
ure. This meant that the applied load in beam ECC-2
could be further increased without failure until a criti-
cal value is reached.This increase in the applied load is
made possible by the ability of the linear elastic CFRP
material to provide a higher contribution to the sec-
tion moment capacity of beam ECC-2 in comparison
to beam A2. The low interfacial shear stresses in beam
ECC-2 allowed the CFRP material to carry higher ten-
sile stresses, leading to a more effective use of the
CFRP in beam ECC-2 compared to beam A2. Conse-
quently, the CFRP failure strain in the former beam
is significantly higher than that in the latter beam as
indicated in Figure 10.

4 CONCLUSIONS

The application of an ECC material in a CFRP-
strengthened beam was experimentally and numeri-
cally investigated. The results showed that ECC had
indeed delayed debonding of the CFRP and resulted
in effective use of the CFRP material. With the use
of ECC as a ductile layer, RC beams can be effec-
tively strengthened while minimizing loss in deflection

capacity. The method of using ECC in combination
with FRP can be adopted for repair and strengthening
of deteriorating RC structures.

Further works can be done to investigate other pos-
sible types of failure modes in CFRP-strengthened
beams as well as bond strength between FRP laminates
and ECC.
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ABSTRACT: Field projects involving the use of fibre reinforced polymer reinforcement for concrete have
often been implemented in advance of codes and design guidelines. Consequently, engineers have instrumented
and tested these innovative structures to verify their performance and safety. This paper reviews a number
of instrumented projects within the ISIS Canada program. Field data verifying the durability of glass fibre
reinforced polymers is presented. Monitoring considerations and research needs for long-term monitoring of
concrete structures with FRP are discussed.

1 INTRODUCTION

Since its inception in 1995, the Intelligent Sensing
for Innovative Structures (ISIS Canada) Network of
Centres of Excellent Program has participated in over
38 field projects in Canada demonstrating a variety
of innovative civil engineering technologies. Many of
these projects have involved the use of fibre rein-
forced polymer (FRP) reinforcement, either as exter-
nal strengthening for existing concrete structures or
internal reinforcement for new concrete structures. To
aid in earlier acceptance of these technologies and
to provide the infrastructure managers with increased
confidence in the innovative materials, several projects
were instrumented with a variety of sensors. Load
testing and initial service load readings were then col-
lected and compared against theoretical performance.
This aspect of project monitoring was often referred
to as design verification.

Where opportunities existed, field sensor readings
were collected periodically for further verification of
performance.As remote monitoring technologies were
developed, a number of projects were monitored on a
semi-continuous or continuous basis. This led to the
second phase of monitoring which may be classified
as long-term health monitoring.

This paper discusses several of the key field moni-
toring projects within the ISIS program which fall into
either or both of the two monitoring categories. Typi-
cal results are presented along with early conclusions
that have been developed related to the performance
of FRP under field conditions. In all cases, the initial
design verification results have been positive. While
the continuous monitoring results have been consis-
tent with these initial results, participation in these

activities has led to closer of examination appropriate
strategies for long-term monitoring. Isolation of vehi-
cle induced strains from sensor noise, sensor drift and
temperature effects are key considerations. Further-
more, identifying possible FRP damage or deteriora-
tion mechanisms and understanding their influence on
structural response is necessary to adequately interpret
long-term readings.

2 MONITORING FOR DESIGN
VERIFICATION

Most projects involving FRP reinforcement in Canada
where completed prior to the official adoption of
national design codes. In fact, these projects were
often key demonstration structures which led to the
accelerated acceptance of FRP as a reinforcement and
strengthening material by the civil engineering com-
munity. Even today, after the adoption of the first
versions of the building code ‘Design and Construc-
tion of Building Components with Fibre Reinforced
Polymers (CSA S806, 2002) and the bridge code
‘Canadian Highway Bridge Design Code’ (CSA S6,
2000), many new projects are still ahead of the cur-
rent provisions and are leading the way for the next
advancements in code criteria. Despite the substantial
amount of laboratory testing and analysis preceding
implementation of FRP applications, these leading-
edge projects required a means of verifying the actual
performance and safety in the field.The most common
method employed by ISIS Canada, as well as many
other researchers around the world, is to instrument key
elements of the structure and then assess their response
during load testing. The load testing can be conducted
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before the bridge is open to traffic or can even be an
assessment of the structure’s response under the initial
service loading.

In the majority of projects the instrumentation is
mainly strain gauges. ISIS Canada has made extensive
use of fibre optic based strain gauges (ISIS Canada
2001) but many varieties of gauges are acceptable for
this short-term objective. The general philosophy of
short-term verification is to demonstrate that the strain
response is within an acceptable range.This range may
be defined by the empirical results from scale model
tests or by prediction using the principles of mechanics
of materials and numerical modelling. In addition to
assessing the magnitudes of strains, the engineers also
seek to demonstrate strain compatibility between the
FRP reinforcement and the concrete component. This
confirms that the FRP is properly bonded to the struc-
ture and participating in load resistance. This aspect
is particularly important for projects where the FRP
elements are used for external strengthening or reha-
bilitation. Several examples of short-term verification
monitoring are presented below.

2.1 Internal FRP reinforcement

A number of slab on girder bridge projects have been
completed in Canada in which glass or carbon FRP, or a
combination of both, have been used as reinforcement
for the concrete deck slab and in the curbs and barrier
walls or as prestressed tendons in bridge girders.

The specific details of the projects can be found
in the respective references. In each project, the deck
reinforcement or tendons were instrumented and mon-
itored as a heavy vehicle crossed the span. In some
projects, FRP reinforcement was only used in part
of the deck and the steel reinforcement in adjacent
spans could also be monitored and the strain val-
ues compared. Typical strain monitoring results are
presented in Table 1. Deck reinforcement strains are
typically less than 15 micro-strain for a single truck
pass, while the strains in the FRP prestressing tendons
are less than 35 micro-strain. Where strain compati-
bility and girder/deck composite actions could also be
checked, the FRP was found to be properly bonded
and responding as predicted by simple linear elastic
analysis.

2.2 External FRP reinforcement

The effectiveness of monitoring the response of exter-
nal FRP for initial design verification is highly depen-
dant on the nature of the strengthening application.
ISIS Canada has used external FRP wraps and lami-
nates in field projects for flexural strengthening, shear
strengthening and column strengthening. A partial list
of application is presented in Table 2.

While instrumentation was installed on a number of
these projects, its effective in a long-term monitoring

Table 1. Typical internal FRP strain values for vehicle loads.

Reinforcement Strain range
Structure type (×10−6)

Wotton Bridge Deck GFRP top bars 0−5
(Benmok. et al. 2002) CFRP bottom bars 0−15

Salmon River Bridge GFRP in curbs 0−12
(Mufti et al. 1999)

Centre Street Bridge GFRP in deck 0−15
(Shrive et al. 2002)

Taylor Bridge CFRP tendons 0−15
(Mufti et al. 2003)

Beddington Bridge CFRP tendons 0−35
(Mufti et al. 2003)

Table 2. Typical external FRP strain values for vehicle
loads.

Reinforcement Strain tange
Structure type (×10−6)

Ste. Emelie de l’Energie CFRP flexure 0–100
(Labossiere et al. 2000)

Portage Creek Bridge CFRP column 0–2
(Mufti et al. 1999) wrap

Maryland Bridge CFRP shear 0–5
(Hutchinson et al. 2003)

program is questionable. In the case of flexural lami-
nates, the monitoring may be beneficial. For example,
in the Ste. Emelie de l’Energie bridge strengthening
project (Labossiere et al. 2000) a laminate strain of 80
to 100 micro-strain was recorded during load testing.
The researchers were able to use these readings to ver-
ify the performance of the laminate. However, when
the laminate is used to strengthen for shear or when
the laminate is used to strengthen columns by con-
finement, the theoretical and recorded strain values in
the FRP are very small unless a member failure occurs.
The readings for the Portage Creek Bridge (Mufti et al.
1999), a FRP column wrap, and the Maryland Bridge
(Hutchinson et al. 2003), FRP shear strengthening,
were less than 5 micro-strain.The vehicle response was
difficult to distinguish from signal noise.The load test-
ing may be used more as a proof load to demonstrate
that the strengthened structure can sustain a certain
load without signs of distress but direct assessment of
laminate integrity from low strain readings are often
not meaningful.

3 LONG-TERM MONITORING

Due to the large number and variety of field projects,
ISIS Canada has been able to institute long-term
monitoring of a number of its field projects. This
has led to a re-examination of the objectives for
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long-term monitoring of FRP. The initial verification
testing conducted at the completion of construction is
often sufficient to demonstrate the proper installation
and function of the FRP. Long-term monitoring there-
fore must have additional objectives beyond simple
verification of design assumptions. ISIS has iden-
tified the several objectives which may be realized
by long-term monitoring. Some are unique to the
use of FRP but others have more general applicabil-
ity. These objectives are: establishing the long-term
performance of structures with FRP, examining the
durability of FRP in field environments, creating a
statistical database of actual loads on structures to
facilitate code calibration, facilitating evaluation after
extreme loading, calibrating numerical modelling of
field structures and advancing the field of structural
health monitoring (SHM).

3.1 Long-term performance

One of the prime objectives is to address the issue of
lack of long-term experience with the use of FRP in
these types of civil engineering applications. In gen-
eral, engineers are still expressing a lack of comfort
with FRP as many believe that there is still a level of
uncertainty about its performance over long periods of
time in field applications. From a monitoring perspec-
tive, the objective is to demonstrate that the response,
and hence performance, of the FRP is the same after
a long period of field use as it was initially after con-
struction.To accomplish this objective, a number of the
field projects that were instrumented and tested after
construction are targeted for periodic repeating of the
load testing after several years of service life. Some
the ISIS projects in this category include the Wot-
ton Bridge (Benmokrane & El-Salakawy 2002), Joffre
Bridge (Benmokrane et al. 2000) and Ste. Emelie de
l’Energie Bridge (Labossierre et al. 2000). The strat-
egy is to repeat the load testing as accurately as possible
and compare the strain response to the initial load test
values. Both the magnitude of the strain values and
strain compatibility can be used as indicators. If the
response is similar, then the FRP can be said to be
functioning in a manner consistent with its initial con-
dition. Visual inspection to confirm a lack of visible
distress in the structure is used to support the findings
of the instrumented tests.

3.2 Durability of FRP

The issue of long-term performance is also being
investigated from a more detailed perspective. In the
case of internal FRP reinforcement, a number of accel-
erated durability tests on glass FRP have suggested
that there may be a durability problem due to the
high alkalinity of concrete (Benmokrane et al. 2001).
Researchers at ISIS are using long-term monitoring
to examine this issue in several ways. The simplest

Figure 1. Plan view of concrete deck on Hall’s Harbour
Wharf.
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Figure 2. Representative GFRP strain results for full year
at Hall’s Harbour.

approach, which is being applied to all instrumented
projects regardless of the duration of monitoring, is
indirect assessment through demonstration of satisfac-
tory field conditions. Based on the results of acceler-
ated laboratory testing, design codes and guidelines
indicate the service strain range of glass FRP should
be kept below 20–30% of ultimate strain in order to
reduce the possibility of alkaline based deterioration of
the FRP during the service life of the structure. Strain
monitoring results, such as those shown in Table 1,
indicate that the live load service strain range is gener-
ally below 1% of the ultimate FRP strain from heavy
vehicle loads.

In the Hall’s Harbour Wharf Project (Newhook
et al. 2000), a pile supported concrete wharf deck
(see Figure 1) was constructed using GFRP reinforce-
ment. With the aid of Fabry-Perot fibre optic sensors,
the strain in selected GFRP rods was monitored over
several years.The monitoring was conducted on a con-
tinuous basis with live load, temperature and storm
loadings being recorded. Using the data records from
one sensor for a full year of monitoring, a bandwidth
of typical annual strain readings was constructed.

In Figure 2, the central solid line represents the
mean values recorded while the dashed lines represent
the 5th and 95th percentile of the readings. In addition,
nine of the weekly data files are plotted in their entirety
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Figure 3. Typical strain profiles for a week at Hall’s Harbour.

in the figure for perspective. The seasonal variations
with temperature are seen to be much more signif-
icant than the smaller live load strains fluctuations.
The complete strain range, including all environmen-
tal loadings, is still only 350 micro-strain which is still
less than 3% of the total strain capacity for GFRP. The
durability of the GFRP is indirectly established as the
monitoring results indicate that the strain conditions
most favourable for deterioration do not exist.

In several field projects, researchers have also
developed a more direct means of assessing the dura-
bility of GFRP. In the Hall’s Harbour Project and the
Centre Street Bridge Project (Shrive et al. 2002) both
steel and GFRP reinforcement were used in similar
locations in the structure. In the case of Hall’s Har-
bour, a hybrid reinforcing scheme was used where
the flexural reinforcement for the pile caps beams
included an upper layer of steel reinforcement and
a lower layer of GFRP. The beam had an overall
depth of 1000 mm and the two reinforcing layers were
separated by only 45 mm. The monitoring program
included strain gauges on both layers of reinforce-
ment. The strain compatibility between the two could
be observed. A typical strain plot over a one week
period (in which the temperature fluctuates between 25
to 10 degrees Celcius) in the second year of monitor-
ing is shown in Figure 3. It can be seen that both layers
respond in a similar fashion to be small live load effects
as well as the larger temperature effects. This demon-
stration of strain compatibility was representative of
all results for a three year monitoring period.

In the Centre Street Bridge Project, a section of the
deck used a glass FRP grid for top reinforcement while
other sections used steel reinforcement (Figure 4).
Strain gauges at each section allowed for the compari-
son of strain response of steel and GFRP under similar
vehicle and temperature loads. The structure is being
continuously monitored and a representative record for
a one week period is shown in Figure 5.The response of
the GFRP is very similar to that of the steel reinforce-
ment. This comparison has been on going for three
years with similar results. A detailed visual inspec-
tion also confirmed that no concrete cracking could

Figure 4. GFRP grid in Centre Street bridge deck.
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Figure 5. Comparison of GFRP versus steel reinforcement
strains for Centre Street Bridge.

be observed in either the steel reinforced of GFRP
reinforced sections of the deck.

Both projects are examples of a more direct assess-
ment of GFRP durability in the field. The positive
assessment however relies on the assumption that any
deterioration in the GFRP would have a significant
impact on either the magnitude of strain response or
on strain compatibility (Newhook 2002).

To provide more conclusive assessment of the dura-
bility of FRP in field projects, ISIS is currently
undertaking to program of extracting cores with GFRP
from field projects and examining them for signs of
alkaline deterioration. These cores will be taken from
several projects where monitoring has been ongoing
and the results of the physical examination can be
correlated with monitoring results. In this manner both
the durability of GFRP and the viability of the long-
term strain monitoring technique can be established.

3.3 Evaluation after extreme loads

In the case of the Portage Creek Bridge (Mufti 2002),
CFRP wraps were applied to the piers of the bridge
to facilitate a seismic upgrade. Instrumentation was
added to the structure to monitor the performance of
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the laminates and response of the structure during and
after a seismic event. As prediction of the time of
both minor and major seismic events is not possible,
the monitoring system is designed to be a long-term
continuous monitoring system such that an event can
be captured. It is hoped that readings during a minor
tremor can be used to improve understanding of struc-
ture response and assess the contribution of the repair
system. If a major seismic event occurs, the moni-
tor system may not only provide valuable information
about response but may also be used to help assess the
condition and safety of the bridge for continued use.

3.4 Universal objectives

Statistical information on loads, improved modelling
techniques and advancement of SHM techniques are
all objectives that have universal benefits beyond
just structures with FRP applications. The projects in
which ISIS is undertaking continuous long-term moni-
toring can also be useful in providing statistical data on
vehicle or environmental loads on bridges. In Canada
for example, no statistical data exists on the annual dis-
tribution of axle loads on a bridge. This information
is extremely important for understanding fatigue life
of bridge components. While the ISIS monitoring sys-
tems have not been designed with weigh in motion
data in mind, the simple statistical information on
strain response can be used a basis for characterizing
anticipated fatigue cycles during service life.

Other ISIS researchers are currently examining
issues related to modelling the complex response of
field structures using finite element techniques. The
Saskatchewan River Bridge Project (Bolingbroke et al.
2002) is specifically calibrating theoretical models
for prediction of dynamic response against measured
field readings. To gain a fundamental understand-
ing of structural response under service level live
loads, a scale model of a slab on girder bridge
system commonly used by ISIS is being extensively
tested under controlled conditions in the lab. Identify-
ing the response of the system to progressive damage
and creating a calibrated numerical model are key tasks
(Yang et al. 2004).The ability to model response to ser-
vice loads and damage is essential in the designing of
a SHM system and in the final interpretation of the
monitoring data.

A companion paper in this conference also dis-
cusses the issue of creating a long-term monitoring
scheme for the detection of debonding in externally
applied CFRP flexural laminates (Sarazin & Newhook
2004). While the damage mechanism is specific to an
FRP application, the concept of damage modelling and
isolation of damaged response from other phenom-
ena which occur during the service life of a structure
is a fundamental issue for all long-term monitoring
projects.

3.5 Central monitoring and data management

Due to the growing number of continuously moni-
tored projects in the ISIS program, resources have also
been devoted to the general issue of monitoring many
projects from a central location. Currently, a strategy
has been developed where local site computers are net-
worked to a central server (Han et al. 2004). Using a
data streaming version of the TCP/IP protocol data can
be automatically transferred in real time from the sites
to the central server. All sites can be viewed over the
central server with only a five second delay between
collecting of data from the sensors and processed view-
ing of the information. The sensor response can be
correlated with live video from web cameras at site.

Concurrent with this effort, the issue of data reduc-
tion and management is being investigated. Continu-
ous monitoring of even a few sensors quickly generates
large quantities of data. To be effective, the SHM sys-
tems should process the data in real-time, compare the
information against preset thresholds and save only
that information which is deemed to be relevant or
important. Simple algorithms can be used to accom-
plish this data reduction, but the setting of thresholds
or establishing what is important requires significant
planning and engineering judgment. The objectives of
the monitoring activity, such as durability assessment
of GFRP, detection of debonding or statistical record of
loading must be clearly understood and used as a basis
for designing the data management algorithms. Many
other issues need to be considered such as isolation
of live load from environmental load, establishing the
natural ‘aging’of the structure and the value of ambient
load response versus controlled load response.

Improvements in data management through the use
of neural network techniques (Card & McNeill 2004)
are also being pursued. Currently a system has been
developed which will learn the normal characteristics
of the data and identify when a novel event in the data
has occurred. In the case of the Portage Creek Bridge
Project this novel event could be a seismic tremor or in
other structures it could simply be a larger than normal
vehicle load. A proposed data management scheme
is to save only the information associated with novel
events and then examine it in a more rigorous fashion
but structural engineers to determine its significance.
The system also has the ability to identify when the
baseline normal characteristics of the sensor response
is changing.

4 CONCLUSIONS

Long-term monitoring of FRP in field projects
presents both opportunities and challenges. The
opportunity exists to demonstrate the long-term per-
formance, durability and benefits of FRP materials
thereby accelerating their adoption and improving
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codes and standards. Currently monitoring results
from many projects have been used to indirectly estab-
lish the durability of glass FRP by both indirect and
direct assessment.

The challenges are related to the design and imple-
mentation of long-term monitoring systems. In gen-
eral, the issues are related to understanding and mod-
eling the response of the structure or component under
all field conditions and to predict whether damage or
deterioration has occurred. Many practical issue of
data processing and management need to be addressed.
ISIS has been able to implement initial solutions to
some of these problems but much more detailed work
remains. While structures with either internal or exter-
nal FRP are the prime focus of the ISIS Canada
Program, the needs and concepts discussed in the
paper are generally applicable to the broader field of
structural health monitoring of any civil infrastructure.
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EIS-based sensors for NDE of FRP-strengthened concrete beams:
experiments and finite element simulation

R. Harichandran, S. Hong, L. Udpa & Z. Zeng
Michigan State University, East Lansing, Michigan, USA

ABSTRACT: A nondestructive evaluation (NDE) technique based on electrochemical impedance spectroscopy
(EIS) is developed for concrete beams strengthened with carbon fiber reinforced polymer (CFRP) sheets to
detect the debonding of CFRP from concrete. Copper tape on the surface of the CFRP sheet, stainless steel
wire embedded in the concrete, and reinforcing bars were used as sensing elements. In laboratory experiments,
the CFRP was progressively debonded using a wedge and impedance measurements were taken using various
pairs of electrodes. Changes in the impedance spectra, and the capacitance parameters obtained from equivalent
circuit analysis, can be used to assess the global state of the bond between CFRP and concrete. Impedance
measurements taken between embedded wire sensors can be used to locate debonded regions. Preliminary finite
element simulations are performed to elucidate the experimental observations.

1 INTRODUCTION

Many structures built in the past need to be strength-
ened and retrofitted to overcome deficiencies caused
by increased load demands, environmental deterio-
ration and structural aging. Thirty-five percent of all
bridges in the U.S. are estimated to be structurally defi-
cient and require repair, strengthening, widening or
replacement (Karbhari 2000). To overcome structural
deficiencies, composite materials such as fiber rein-
forced polymers (FRP) are often used in strengthening
and retrofitting. Enhancing the flexural performance
of structures by bonding FRP plates or sheets is a
simple and expedient technique for strengthening and
retrofitting structures (Rahimi et al. 2001), and car-
bon fiber reinforced polymer (CFRP) is usually the
preferred material.

Structural components strengthened or retrofitted
with FRP behave as composite components, and their
strengths are calculated by taking this into account.
Interfacial bonding between the adherents is criti-
cal in achieving composite behavior and increased
strength, especially in flexural members. Concrete
structures strengthened or retrofitted with FRP plates
can exhibit undesirable brittle failure if the interfacial
bond between the adherents degrades. Delamination
of the FRP plates and ripping of concrete are common
failure modes (Nguyen et al. 2001) initiated by high
localized stress concentrations in the interface layer
(Buyukozturk 1998).

Visual inspection is not a reliable method of assess-
ing the integrity of interfacial bond in composite

components. “Tap” tests are time consuming and dif-
ficult to conduct in structural components that are
difficult to access. Destructive tests are not feasi-
ble for in-service structures. Different NDE methods,
including vibration, ultrasonic and microwave tech-
niques, have been used to detect or monitor damage in
FRP-strengthened structures. For bridges, evaluation
without prolonged lane closures is difficult with these
methods. Some of these NDE methods indicate only
global measures of interfacial bond integrity and oth-
ers are complicated to use in the field. An inexpensive
technique suitable for monitoring concrete structures
rehabilitated with CFRP is presented in this paper.

1.1 Background concepts on EIS

Traditionally, electrochemical impedance spectro-
scopy (EIS) has been used to detect coating deteri-
oration and substrate corrosion, and the EIS technique
is performed in an electrolyte with counter and ref-
erence electrodes (Scully et al. 1989). Use of an
external electrolyte is cumbersome in the field. How-
ever, it is possible to use in-situ electrodes to mea-
sure the impedance in the ambient condition without
submerging the electrochemical cell.

In-situ sensors have been adapted to detect moisture
ingress and crack propagation in structural adhesive
bonds (Davis et al. 1999, 2000, 2003). This sensor
technology uses EIS to inspect the integrity of the
bond. The impedance typically increases in magni-
tude as the crack propagates. In the simplest method
for detecting debonding, the impedance spectra can
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be compared directly. However, additional informa-
tion can be obtained from the impedance spectra by
using equivalent circuit analysis. Davis et al. found
that the resistive components in the equivalent circuit
they used were functions of moisture content and the
capacitance parameter was a function of both moisture
content and bonded area.

1.1.1 Electrical Impedance
Ohm’s law defines resistance as the ratio between
voltage, V , and current, I , in an electrical circuit.
Electrochemical impedance is a generalized resistance
to current flow through an electrochemical cell. It is
generally measured by applying an alternating volt-
age across a pair of electrodes and measuring the
alternating current.

At the steady-state, electrical resistance to a direct
current is constant in time since current and volt-
age are at their constant steady state values. However,
the steady-state electrical impedance, Z , is dependent
on the frequency of the alternating (harmonic) exci-
tation. When the excitation signal is harmonic, the
response signal also is harmonic at the same frequency.
Z is a complex-valued quantity defined as the ratio
between the excitation voltage, V (t), and the response
current, I (t):

For harmonic excitation

where ω is the circular frequency of the applied voltage
(expressed in rad/second), V0 is the amplitude and j is
the unit imaginary number. The response signal I (t)
may be expressed as

where I0 is the amplitude of the response signal and φ
is the phase shift. Eq. 1 then yields

where Z0 is the magnitude and φ is the phase angle of
the impedance. The real part of Z (Z0 cos φ) represents
resistive behavior, while the imaginary part (Z0 sin φ)
represents capacitive behavior.

1.1.2 EIS and equivalent circuit analysis
In EIS, an AC voltage is applied between the sam-
ple and reference electrodes. The complex impedance
spectrum is then measured as a function of frequency.
Two methods of analyzing the impedance spectra are

C1

R1 CPE R3

C3

R2

C2

Figure 1. Equivalent circuit configuration.

common. The first method is to simply compare the
raw spectra.The impedance spectrum can be plotted in
different ways. The conventional presentations are the
Bode magnitude and phase plot (Figure 4), Nyquist
plot (Figure 6), and real and imaginary impedance
plots. The magnitude of impedance, phase angle, real
impedance or imaginary impedance are compared over
the entire frequency range or over specific frequency
ranges.The second method is to analyze the impedance
spectra by using a lumped parameter equivalent circuit
model. In this method, the parameters of an electri-
cal circuit which has a theoretical impedance similar
to that of the measured impedance are estimated, and
spectra are compared based on the differences in the
estimated parameters. The equivalent circuit used in
this research is shown in Figure 1. The circuit consists
of a loop that is composed of a resistance, capacitance
and a constant phase element (CPE), and two simple
resistor/capacitor circuits in series. Different equiva-
lent circuits can be used to approximate a measured
impedance spectrum, and some experience is required
to select an appropriate circuit.

The impedance of a resistor, R, is ZR = R and is real-
valued. The impedance of a capacitor, C, is purely
imaginary and is ZC = 1/(jωC). The constant phase
element (CPE) is often used in equivalent circuits to
represent distributed properties. The impedance of the
CPE is given by

when α = 1 (maximum value), the CPE is equivalent to
a capacitor with A = 1/C, and when α = 0 (minimum
value), the CPE is equivalent to a resistor with A = R.

Figure 2 shows the charge transfer process in a
CFRP-strengthened reinforced concrete beam with the
rebar and the CFRP used as electrodes. Ions in the
electrolyte (concrete pore fluid) approach the elec-
trodes up to the outer surface of the so-called electrical
double layer. Charge transfer between ions and an
electrode involves long-range electrostatic forces, so
that their interaction is essentially independent of the
chemical properties of ions. Charge transfer through
the electrolyte occurs by the diffusion of ions. At
low excitation frequencies, the impedance to current
flow is controlled by the rate of diffusion, while at
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Figure 2. Charge transfer mechanism.
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Figure 3. Sensor arrangement.

high frequencies, the impedance is controlled by the
kinetics of the charge transfer processes at the elec-
trode/electrolyte interface. It is hypothesized that the
two loops containing a resistance and capacitance in
the equivalent circuit represent the double layer effects
and the loop with the CPE element represents the body
of concrete (electrolyte).

2 EXPERIMENTAL SETUP AND
PROCEDURES

The study on detection of CFRP debonding was con-
ducted with 150 mm × 150 mm × 600 mm reinforced
concrete specimens with chloride (11.0 kg NaCl per
cubic meter of concrete). Each specimen was prepared
with an initial 100 mm long crack by using a teflon
insert. To propagate the interfacial crack between the
CFRP layer and the concrete substrate, a wedge (sharp-
ened saw blade) was driven with a hammer. The wedge
test was conducted in a refrigerator and in the ambient
condition. The refrigerator provided a stable temper-
ature of about 6◦C and a stable relative humidity
of about 35%. The ambient condition represented a
temperature of about 22◦C and a relative humidity
that varied from 30% to 60%. The sensor (electrode)
arrangement is shown in Figure 3. The Ci sensors
consisted of copper tape with conductive adhesive
mounted directly on the outside surface of the CFRP.

2

3

4

5

6

7

8

-1 3 5
Log Freq (Hz)

L
og

 M
od

ul
us

  (
O

hm
)

-90

-70

-50

-30

-10

Ph
as

e 
(D

eg
re

e)

Impedance

Phase

1

Figure 4. Measured (dots) and fitted (lines) impedance
spectra–rebar to external sensor.

The Wi sensors consisted of stainless steel wire set into
grooves on the concrete specimen before the CFRP
was bonded. R represents a reinforcing bar (rebar).

Different sensor combinations were used to produce
impedance spectra. Combinations of internal sensors
(Wi) to external sensors (Ci), rebar (R) to external
sensors, and rebar to internal sensors were used to
produce the raw impedance spectra at different crack
states. The impedance spectra were obtained using a
commercial potentiostat and software manufactured
by GAMRY Instruments, Inc. Thirty-one impedance
measurements spanning the frequency range from
0.1 Hz to 100 kHz were taken to construct each spec-
trum. Once the raw impedance data was obtained,
equivalent circuit analysis was performed. This anal-
ysis adjusts the parameters of the circuit shown in
Figure 1 such that the impedance of the circuit closely
matches the data. Equivalent circuit analysis was per-
formed using computer software provided by GAMRY
Instruments. Typical impedance measurements from
the rebar to the external sensor and the impedance of
the equivalent circuit are shown in Figure 4.

3 EXPERIMENTAL RESULTS

3.1 Parameters of the equivalent circuit

The elements of the equivalent circuit in Figure 1
control the behavior of the fitted impedance spec-
trum over different frequency ranges. The C1, R1 and
CPE parameters control the fitted impedance spec-
trum in the low to mid-frequency region (0.1–100 Hz).
The C2, C3, R2 and R3 parameters control the fit-
ted impedance spectrum in the mid- to high-frequency
region (100–100,000 Hz).

The impedance measurements shown in Figure 4 are
characteristic of an electrochemical system governed
by mixed kinetic and diffusion control. Moisture in the
concrete specimen serves as an electrolytic medium
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for transporting charges between sensors. At low exci-
tation frequencies, the movement of ions (diffusion)
dominates the current flow in the concrete specimen,
and factors such as different moisture levels, tem-
perature, chemical compositions, and crack networks
within the concrete affect the rate of ion transport.
Subsequently, the C1, R1 and CPE parameters in the
equivalent circuit are sensitive to the humidity, tem-
perature, chloride content, and cracking caused by
freeze-thaw cycles, wet-dry cycles and corrosion at
the time of measurement. At high frequencies the
impedance is governed by the kinetics of the charge
transfer processes at the electrode-electrolyte interface
which is not very sensitive to the above factors. As
a result, the C2 and C3 parameters are less sensitive
to changes in environmental conditions because they
reflect the behavior of the impedance spectrum in the
mid- to high-frequency region.

3.2 Effect of CFRP debonding

Investigation of the debonding of CFRP reinforcement
from concrete was conducted in the controlled and
ambient conditions. Impedance measurements were
made from the internal sensors (stainless steel wire
or reinforcing bar) to each of the copper tape sen-
sors, and equivalent circuit analysis was performed
for all impedance measurements. Impedance measure-
ments taken from the reinforcing bar (R) and stainless
steel wire sensors (Wi) to all of the copper tape sen-
sors (Ci) were essentially identical. This observation
implies that the highly conductive CFRP sheet serves
as a single continuous electrode. As a result, each
equivalent circuit parameter value corresponding to
the impedance measurement from a given internal sen-
sor to each external copper tape sensor was averaged
at each crack state.

3.2.1 Assessing the global state of the bond
The effect of CFRP debonding was studied using
impedance measurements from the rebar (R) to the
copper tape sensors (Ci), and from the internal wire
sensors (Wi) to the copper tape sensors. Impedances
were measured for each concrete specimen at the
initial crack state (100 mm crack length) and at
extended crack states. Tests were performed both in
a refrigerator as well as in the ambient condition. The
debonding was best observed with impedance mea-
surements from the rebar to the copper tape sensors.
Typical impedance spectra for tests in the controlled
environment are shown in Figure 5 (Bode magnitude
plot) and Figure 6 (Nyquist plot). In the Nyquist plot,
data points on the left correspond to measurements at
high frequencies and those on the right correspond to
measurements at low frequencies.

Figure 5 shows that the effect of debonding
is reflected over the entire frequency range. The
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Figure 5. Bode magnitude plot of typical impedance spectra
measured from the rebar to copper tape for wedge test in
controlled environment (legend gives the debonded length
in mm).
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Figure 6. Nyquist plot of typical impedance spectra
measured from the rebar to copper tape for wedge test in
controlled environment (legend gives the debonded length in
mm).

magnitude of impedance increases over the entire fre-
quency range as the debonded length is increased.
Figure 6 also shows that the radius of the arc in
the Nyquist plot increases with increasing debonded
length.

Figures 7 and 8 show Bode and Nyquist plots,
respectively, of the impedance spectra corresponding
to measurements made on a specimen in ambient con-
ditions. For clarity, only the low- to mid-frequency
range is shown in Figure 7. Note that compared to
the impedances measured in the controlled environ-
ment (refrigerator), those measured in the ambient
environment are higher because of the higher tem-
perature and humidity levels. In the low-frequency
range the impedance behaves somewhat erratically and
increases when the debonded length was increased
from 100 to 150 mm, but then decreases when the
debonded length was increased further from 150 to
250 mm. This was due to increasing humidity in the
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Figure 7. Bode magnitude plot of typical impedance spectra
measured from the rebar to copper tape for wedge test in
ambient condition (legend gives the debonded length in mm).
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Figure 8. Nyquist plot of typical impedance spectra
measured from the rebar to copper tape for wedge test in
ambient condition (legend gives the debonded length in mm).

ambient environment. However, in the mid- to high-
frequency range the measured impedance increased
with increasing debonded length.

Some of the circuit parameters from the equiva-
lent circuit analysis correlate well with the debonded
length. Figure 9 shows that the sum of the C1, C2 and
C3 parameters from the equivalent circuit analysis for
five of the six specimens tested. Specimens 2, 4 and
6 were tested in the controlled environment and spec-
imens 3 and 5 were tested in the ambient condition.
Results for specimen 1 are not shown because it was
damaged. The C1 + C2 + C3 value correlates espe-
cially well with the debonded length and was found to
be relatively insensitive to temperature and humidity
variations.

3.2.2 Detecting the location of debonded regions
While impedance measurements between the rebar and
external sensors provide a global assessment of the
debonded area, they are incapable of revealing the
location of debonded regions. However, impedance

0.0E+0

5.0E-9

1.0E-8

1.5E-8

2.0E-8

2.5E-8

3.0E-8

3.5E-8

0 100 200 300 400 500
Crack length (mm)

C
1+

C
2+

C
3 

pa
ra

m
et

er
 (

Fa
ra

d)

spec. 2 spec. 3
spec. 4 spec. 5
spec. 6

Figure 9. Variation of the C1 + C2 + C3 parameter from
equivalent circuit analysis for wedge test from the rebar to
external sensors.
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Figure 10. Bode magnitude plot of impedance spectra
measured between pairs of internal sensors in ambient
condition when crack tip was between W3 and W4 (legend
shows the internal sensors used).

measurements between pairs of internal wire sen-
sors (Wi) can be used to detect debonded regions.
Measurements were made between adjacent sensors
(such as W1 and W2, W2 and W3 and so on). Mea-
surement between sensors in the debonded region
produce higher impedance magnitudes, while those
between sensors in the bonded region produces lower
impedance magnitudes.

Impedance spectra for measurements taken with
pairs of internal sensors are shown in Figure 10 when
the crack tip was located between the W3 and W4
sensors. The impedance magnitude is much lower
when both sensors used are in the bonded region
(W4W5 and W5W6), than when both sensors are in
the debonded region (W1W2 and W2W3). When one
sensor is in the bonded region and the other is in the
debonded region (W3W4), the impedance magnitude
is in between those for the other two cases. It is pos-
tulated that the reason for this distinctive difference
in the magnitude of impedance is the path of current
flow in each case. When the impedance measurement
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Figure 11. Variation of the CPE parameter from equiva-
lent circuit analysis for pairs of internal sensors in ambient
condition when crack tip was between W3 and W4 (legend
shows the internal sensors used).

is made between sensors in the debonded area, current
must flow through the concrete, and the impedance is
high. On the other hand, when measurements are made
between sensors in the bonded area, current probably
flows predominantly through the highly conductive
CFRP sheet, with charge transfer between the inter-
nal sensors and the CFRP sheet, resulting in lower
impedances. This hypothesis is confirmed later using
finite element simulations.

While raw impedance measurements are sufficient
to detect debonded regions, equivalent circuit analy-
sis also can be used. The effect of debonding on the
impedances measured between internal sensors is best
observed with the CPE parameter. The variation of the
CPE parameter is shown in Figure 11 when the crack
tip was between the W3 and W4 sensors. The magni-
tude of the CPE parameter when the two sensors used
are in the debonded region is about two orders of mag-
nitude higher than that when both sensors are in the
bonded region.

3.2.3 Environmental and size effects
Concrete structures rehabilitated with CFRP can be
subjected to a variety of short- and long-term environ-
mental conditions. Short-term environmental condi-
tions such as temperature, humidity, and chloride ion
concentration from deicing agents that exist a few days
before impedance measurements are taken change
the environment within the concrete and influence
the measured impedances. Long-term environmen-
tal conditions such as freeze-thaw cycles, wet-dry
cycles, and corrosion also influence the impedance
measurements because they change the ion diffusion
within concrete by extending crack networks. The
variability in measured impedance due to short- and
long-term environmental effects must be understood
if the measurements are to be used to detect debond-
ing of CFRP from concrete. Size effects between

laboratory-scale specimens and real structures also
must be investigated.

Hong and Harichandran (2004) studied the effect
of environmental conditions and size using small
150 mm × 150 mm × 300 mm concrete specimens and
a large 457 mm × 610 mm × 2.44 m concrete beam.
They found that the C1 + C2 + C3 value could be used
to detect the global debonded area and pairs of inter-
nal sensors could be used to detect debonded locations
irrespective of environmental conditions.

4 FINITE ELEMENT SIMULATION

For the optimal and effective use of EIS-based sensors
it is important to have available a computational model
for studying the underlying charge transfer processes.
Such a model can be used to design the sensor system
for different structural configurations, and be used as
a tool to probe the diagnosis provided by measure-
ments. The conductivity distribution of the specimen
affects the current density distribution in the inte-
rior as well as potentials at the surface when current
is injected through the electrodes. Given the surface
potential measurements, the potential and current dis-
tribution within the specimen can be calculated by
solving the associated Laplace’s equation using finite
element (FE) analysis.

For the static case where a DC current is injected
into the electrodes, the governing equation can be
derived starting from the property of divergence free
current density J , i.e.,

where

σ = conductivity, E = electric field intensity, and
V = electric scalar potential. Substituting (7) and (8)
into (6), yields the governing Laplace’s equation (Udpa
1986)

The Ritz variational method (Zienkiewicz 1977)
is used to solve (9) for the potential. The energy
functional is

with the elemental energy functional Fe given by
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For the two-dimensional case, (11) reduces to

In this formulation, σe is assumed to be constant
within each element. In (10)–(12), the superscript e
denotes elemental variables, M is the total number of
elements in the solution domain, �e is the eth subdo-
main in 3-D, and Se is the eth subdomain in 2-D. V e

is expanded in terms of the nodal values at the three
vertices of the eth triangular finite element and the
corresponding shape functions, i.e.,

Substituting the expansion (13) into the elemen-
tal energy functional (12) and minimizing the func-
tional with respect to the nodal potentials, yields the
elemental system of equations:

in which the entries of the matrix [Ke] are given by

be
i = 0, i, j = 1, 2, 3, and {V e} is the vector of

unknowns. The elemental system of equations are
assembled to create the global system of equations

Equation (16) is solved for unique values of {V e} by
imposing appropriate boundary conditions (Sharma
et al. 1999).

The measured impedance Z can be calculated using
energy considerations. The total energy in the elec-
tromagnetic field is the sum of dissipated energy
(resistance) and stored energy (reactance) (Ida 1985):

where U is the voltage difference of the electrodes,
Z is the impedance to be calculated, � is the solution
domain, and E is the electric field. E can be computed
using (8).

The above formulation can be readily modified
for simulating EIS tests in which the excitation is
harmonic.

Preliminary results from FE simulations are pre-
sented for DC current injection into the simple 2-D
specimen shown in Figure 12.A CFRP sheet is adhered

Figure 12. Geometry of concrete specimen with CFRP
layer.

Figure 13. Current field with both sensors in the debonded
region.

Figure 14. Current field with one sensor in the debonded
region and the other in the bonded region.

to the bottom of a concrete block that is 600-mm-long
and 150-mm-high. The CFRP is debonded from the
left side to its center. Internal electrodes are placed in
the concrete above the CFRP as shown. In the sim-
ulation presented, the Dirichlet boundary conditions
are imposed on the electrodes by assigning voltages
of 1V to the anode and −1V to the cathode, respec-
tively. The conductivity of the concrete and the CFRP
are assumed to be 1 S/m and 100 S/m, respectively.
In order to avoid a singular system matrix, a small
value of conductivity rather than zero conductivity is
assigned to the debonded area.

The model was used to predicted current density
distributions. Figures 13–15 show illustrations of the
current field and its magnitude in the vicinity of
the electrodes for three different cases. The size of
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Figure 15. Current field with both sensors in the bonded
region.

the arrows representing the field is proportional to the
magnitude of the current in each illustration. However,
the relative magnitudes are different from one illustra-
tion to another. The illustrations clearly indicate that:

1. Case 1, Figure 13: When both electrodes are in the
debonded region, current flows primarily through
the concrete.

2. Case 2, Figure 14: When one electrode is in the
debonded region and the other is in the bonded
region, the current flows first through the concrete
and then through the CFRP.

3. Case 3, Figure 15: When both electrodes are in the
bonded region, the current flows primarily through
the CFRP.

The impedance would be the highest for Case 1,
lowest for Case 3, and intermediate for Case 2. This
confirms the experimental results shown in Figure 10
at the lowest frequency, where the excitation is closest
to the DC case assumed in the simulations.

5 CONCLUSIONS

Electrochemical impedance spectroscopy (EIS) is
used for nondestructive evaluation (NDE) of bond
deterioration in concrete beams strengthened with car-
bon fiber reinforced polymer (CFRP) sheets. Sensor
elements (electrodes) consisted of: (a) copper tape
with a conductive adhesive applied to the outside of
the CFRP; (b) stainless steel wire placed in grooves
on the bottom face of the concrete; and (c) reinforcing
bars. Impedance measurements were taken between
pairs of sensors using a potentiostat. An equivalent cir-
cuit was fitted to each measured impedance spectrum
and the circuit parameters were estimated. Variations
in the measured impedance spectra and the equivalent
circuit parameters due to debonding of the CFRP sheet
was studied in a controlled environment (constant tem-
perature and humidity) and in an ambient condition
(constant temperature, but fluctuating humidity).

Impedance measurements taken between the rebar
and the external copper tape sensors can be used to

assess the total debonded area (global state). The sum
of the capacitance parameters in the equivalent cir-
cuit correlates well with the debonded area and is not
sensitive to environmental factors. Impedance mea-
surements taken between pairs of internal wire sensors
reveal the location of debonded regions.

The use of EIS-based sensors is an inexpensive
technique for effective NDE of concrete structures
strengthened with CFRP sheets.

ACKNOWLEDGEMENTS AND DISCLAIMER

This research was partially sponsored by the Michigan
Department of Transportation (MDOT). The project
manager was Roger D. Till.

MDOT assumes no liability for the contents of this
paper and use thereof.The contents of this paper reflect
the views and opinions of the authors who are respon-
sible for the accuracy of the information presented
herein. The contents do not necessarily reflect the
views of MDOT and do not constitute a department
standard, specification or regulation.

REFERENCES

Bard, A.J. & Faulkner, L.R. 1980. Electrochemical meth-
ods: fundamentals and application. New York: Wiley-
Interscience Publication.

Buyukozturk, O. & Hearing, B. 1998. Failure behavior of
precracked concrete beams retrofitted with FRP. Journal
of composites for construction: 138–144.

Davis, G.D., Dacres, C.M. & Krebs, L.A. 1999. In-Situ sensor
to detect moisture intrusion and degradation of coatings,
composites, and adhesive bonds. Proc. tri-services conf.
on corrosion, Myrtle Beach, South Carolina.

Davis, G.D., Krebs, L.A., Drzal, L.T., Rich, M.J. &
Askeland, P. 2000. Electrochemical sensors for nonde-
structive evaluation of adhesive bonds, J. Adhes. 72:
335–358.

Davis, G.D., Rich, M.J., Harichandran, R.S., Drzal, L.T.,
Mase, T. & Al-Ostaz, A. 2003. Development of electro-
chemical impedance sensor to monitor delamination and
moisture uptake in CFRP-reinforced concrete structures.
Proc. 81st annual meeting of the Transportation Research
Board (CD-ROM). Washington, DC. Paper No. 03-2392.

Harichandran, R.S., Hong, S., Al-Ostaz, A. & Davis, G.D.
2003. EIS-based NDE of bond integrity in concrete
bridges strengthened with CFRP. Proc. 1st international
conf. on structural health monitoring and intelligent
infrastructure. Tokyo, Japan, 1183–1190.

Hong, S. & Harichandran, R.S. 2004. Nondestructive
evaluation of CFRP/concrete bond in beams using elec-
trochemical impedance spectroscopy. Proc. 82nd annual
meeting of the Transportation Research Board (CD-
ROM). Washington, DC. Paper No. 04-3123.

Ida, N. & Lord, W. 1985. A finite element model for
three dimensional eddy current NDT calculations. IEEE
transactions on magnetics. MAG-21, 6: 2635–2643.

288



Karbhari, V.M. & Zhao, L. 2000. Use of composites for 21st
century civil infrastructure. Computer method in applied
mechanics and engineering. 185: 433–454.

Macdonald, J.R. 1987. Impedance spectroscopy: empha-
sizing solid materials and systems. New York: Wiley-
Interscience Publication.

Nguyen, D.M., Chan, T.K. & Cheong, H.K. 2001. Brittle
failure and bond development length of CFRP-concrete
beams. J. composites for construction. February: 12–17.

Rahimi, H. & Hutchinson, A. 2001. Concrete beams
strengthened with externally bonded FRP plates.
J. composites for construction. February: 44–56.

Scully, J. & Kendig, M. 1989. Basic aspects of the application
of electrochemical impedance for the life prediction of
organic coatings on metals. Proc. Corrosion 89, Paper 32,
NACE.

Sharma, S., Sun, Y. & Udpa, L. 1999. Finite element
modeling for simulating remote field flaw detection in
aircraft frame. IEEE transactions on magnetics, May:
1750–1753.

Udpa, L. 1986. Imaging of electromagnetic NDE phenomena,
PhD dissertation, Colorado State University.

Zienkiewicz, O.C. 1977. The finite element method in
engineering. 3rd edition. London: McGraw-Hill Book Co.

289





FRP Composites in Civil Engineering – CICE 2004 – Seracino (ed)
© 2005 Taylor & Francis Group, London, ISBN 90 5809 638 6

Strain monitoring techniques for FRP laminates
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ABSTRACT: Reinforced concrete beams that do not meet the required ultimate load carrying capacity are
being strengthened using carbon fibre reinforced polymer (CFRP) laminates. Debonding of the laminate at or
near the concrete/FRP interface has been identified as a possible flexural mode of failure and could be instigated
by poor installation, poor adhesive durability, or the presence of concrete cracking. Therefore, debonding at
service load levels is a concern for these systems. This paper presents several methods to detect debonding
damage using strain monitoring techniques. Theoretical and experimental work was conducted and the strain
results were found to be sensitive to the presence of induced debonded zones, although the presence of noise in
the low level tests made positive damage identification difficult.

1 INTRODUCTION

The use of external fibre reinforced polymer (FRP)
laminates to strengthen existing structures is steadily
increasing around the globe. Substantial research
and testing has been conducted on concrete beams
strengthened in flexure with FRP laminates. The
majority of this work, however, has focussed mainly on
the issue of behaviour and failure at ultimate. This was
necessary to ensure the development of proper design
criteria and for safety in field projects.

The engineering community is now looking to
early field applications using these strengthening tech-
niques as test beds for demonstrating the feasibility
and reliability of this approach. As such, many field
strengthened beams have been instrumented for the
purposes of verifying performance of individual lam-
inates and repair schemes. A common approach is to
apply a select number of strain gauges and monitor the
strain levels in the laminates under specific load test-
ing or under normal traffic loading. Normal levels of
strain response are taken as verification of the proper
functioning of the laminate.

This paper discusses the issue of strain based mon-
itoring of FRP laminates under field conditions from
the perspective of developing a performance or dam-
age index. Specifically, the paper examines the service
level performance of concrete beams strengthened
for flexure with carbon FRP. The particular perfor-
mance issue is partial debonding of the laminate from
the concrete substrate. Laboratory beams were con-
structed and tested under low strain level, typical of
those observed in field project monitoring. Each beam
was strengthened by a carbon FRP laminate; but,
specific debonding zones were introduced in some

of the beams. A series of discrete electronic strain
gauges were bonded to the laminates and monitored
during testing. Finite element models of the beams
were developed and calibrated against the experimen-
tal beams. The results were then used to examine ideas
for a damage/performance index which could be used
in field projects.

2 BACKGROUND

Several design guidelines and codes have been
developed including: the American Concrete Insti-
tute’s (ACI) “Externally bonded FRP systems for
strengthening concrete structures” (2001), ISIS
Canada’s “Strengthening Reinforced Concrete Struc-
tures with Externally-Bonded Fibre Reinforced
Polymers” (2001) and the Canadian Standards Associ-
ation’s “CSA Standard S806-02, Design and Construc-
tion of Building Components with Fibre-Reinforced
Polymers” (2002). These documents describe methods
to design strengthening for beams accounting for the
four flexural modes of failure: concrete crushing, steel
yielding followed by concrete crushing, steel yielding
followed by FRP rupture, and debonding of the lami-
nate at or near the FRP/concrete interface. Failure of
the strengthened beam by debonding of the FRP rein-
forcement is considered in some codes (ISIS Canada)
by assuming that it can be avoided by using sufficient
anchorages or by allowing a sufficient development
length. Other codes (CSA) specify that two sepa-
rate modes of debonding failure must be considered:
shear/tension failure of the concrete substrate at the
FRP cutoff point (anchorage failure), and debonding of
adhesive bond line due to vertical section translations
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from cracking. There are no recommendations on how
these debonding failures should be considered except
to suggest that transverse anchorages using FRP sheets
or other proven anchorages methods may be used.

Failure at the adhesive/concrete/FRP laminate inter-
face has been examined by numerous authors and a
few of the applicable papers are discussed here. Leung
(2001) indicated that delamination is favoured by
large member size, low adhesive thickness, low plate
stiffness, and a small contact area between the plate
and adhesive. Karbhari (2001) suggested that substan-
tial research is required to examine the durability of
FRP strengthening systems in terms of moisture-rich
zones at the concreteadhesive/resin interface since pre-
vious research conducted by the author has shown
that delamination or separation through freeze-thaw
cycling or dramatic temperature cycling can occur.The
influence of a Poisson ratio mismatch between the con-
crete and the FRP on the delamination behaviour was
conducted by Taheri et al. (2002). It was found that the
higher the Poisson ratio mismatch between the con-
crete and the FRP was, the earlier the likelihood of
the onset of FRP delamination. Sebastian (2001) sug-
gested that although much research effort to date has
been invested on end peel, in practice midspan debond
may be critical in many single span simply supported
FRP-plated concrete bridges.

The purpose of the research reported in this paper
was to develop a strain based monitoring scheme
which can be implemented into a structural health
monitoring system. The objective of such a system
is to identify the existence, or preferably lack of exis-
tence, of debonding in the laminate. This requires a
thorough understanding of the damaged response of
the structure and a calibrated theoretical model.

3 EXPERIMENTAL PROGRAM

The experimental program developed for this purpose
consisted of 12 CFRP strengthened concrete beams
(Sarazin, 2004), 10 with induced debonded zones. The
beams were based on a recent field project, the Sainte-
Emelie-de-l’Energie Bridge (Labossiere et al. 2000).
Only 3 types of beams (6 beams) will be discussed in
this paper: the two control beams, and the four beams
with debonded zones located at quarterspan (debonded
length of 20% and 30% of the laminate length). The
quarterspan beams are presented because it was found
that the axial strain in the laminate was more sensistive
to debonding damage when the debonded zones were
located within high shear loading zones.

3.1 Description of beams

Typical beam details are shown in Figures 1 and 2.
The control beams were designated Control 1 and 2;

170 mm

380 mm

Top bars #10M

Closed Stirrups
#10M @ 225 mm

Bottom bars
#25M

54 mm

Figure 1. Cross section of test beams.

3000 mm

2800 mm

CFRP laminate

Figure 2. Elevation view of test beams.

Table 1. Material properties.

E G f*
Material (MPa) ν (MPa) (MPa)

Concrete 30,000 0.2 12,500 60
Steel 200,000 0.3 77,000 420
CFRP 217,000 0.3 83,460 2300
Adhesive 4500 2900
(bonded)
Adhesive 0.05 0.032
(unbonded)

* ultimate strength for concrete and CFRP; yield strength for
steel.

the beams with a 20% debonded zone of 560 mm
length centered at the quarterspan were designated
Q20; and the beams with a 30% debonded zone of
840 mm length centered at the quarterspan were des-
ignated Q30. After curing, the bottom soffit of each
beam was sandblasted to create a proper surface for
bonding.

The structural strengthening system consisted of a
pultruded uniaxial CFRP laminate attached to the con-
crete surface using an epoxy adhesive. In order to cre-
ate the debonded zones, a layer of polyurethane plastic
was attached to the laminate and the adhesive was
spread over top of this protective layer. This created
a virtually frictionless surface between the laminate
and the adhesive, preventing the transfer of shear
forces from the concrete into the laminate. The mate-
rial properties determined through testing are given
in Table 1.
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Figure 3. 10 kN strain distributions.

3.2 Instrumentation

For the assessment of the damage detection tech-
niques, information was collected about the applied
load, midspan deflection, and strain profile along the
bottom of the CFRP laminate. To determine the strain
profile along the length of the laminate, several strain
gauges were bonded to the bottom of the laminate after
it had been bonded to the beam. The gauges were dis-
tributed along the length of the laminate in order to
assess strain response both within and outside of the
induced debonded zone. Several gauges were placed
in a close proximity to the edge of the debonded zone
to examine the strain behaviour at these “transition”
zones.

3.3 Testing

Each beam was loaded in the four point load set-up
shown in Figure 2 both before and after bonding of
the laminate. The load level was initially limited to
10 kN to produce service level strain values consistent
with those observed in field monitoring (Labossiere
et al. 2000). The strain values in the control beams
and debonded beams were compared prior to concrete
cracking. The beam loads were cycled to 80 kN and
then 160 kN and the strain profiles compared after con-
crete cracking. This was believed to be the upper limit
of cracked service state response.The beams were then
loaded to failure.

3.4 Results of experimental tests

Initially, the stiffness of the beams was examined as
a possible damage indicator. This method was aban-
doned as the theoretical increase due to the presence of
the laminate was small compared to the experimental
variation from beam to beam. The strain distributions
for beams Control 2, Q20-2, and Q30-1 at 10 kN and
at 150 kN load levels are shown in Figures 3 and
4, respectively. The shape of the bending moment
diagram (B.M. Shape) is also shown for reference.
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Figure 4. 150 kN strain distributions.
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Figure 5. LPIP values at 900 mm.

The influence of noise in the system significantly
affected the strain distributions at the low load levels
(10 kN), while the distributions at 150 kN were not
similarly affected.The location of the debonded zones,
which is unclear in the 10 kN tests, is clearly visible
as the flat portion of the Q20 and Q30 curves in the
150 kN tests.

A further set of tests were conducted to examine
how the position of the load would influence the strain
pattern. A load of 10 kN was applied at 1/5, 2/5, 3/5
and 4/5 of the span. These tests will be referred to as
the Load Position Influence Pattern (LPIP) tests. The
LPIP values for the strain gauge located at 900 mm are
shown in Figure 5. The location of the strain gauge is
marked by a black diamond.

The magnitude of the strain readings for the quar-
terspan debonded beams is lower than the control beam
indicating the presence of damage. This will be further
examined as a damage indicator.

4 FINITE ELEMENT MODEL

Strain is a local phenomena but it is affected by the
global characteristics of the structure and load pattern.
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Figure 6. Finite element model of beam.

Figure 7. Close-up of finite element model mesh.

Any strain sensing damage detection technique will
therefore have to be structure-specific and a theoret-
ical modelling technique is required. The 2D finite
element model shown in Figure 6 was created based
on the laboratory test specimens using plane stress ele-
ments for the concrete, adhesive and CFRP, while the
internal steel reinforcement was modelled as a truss
element. A close-up of a section of the mesh showing
all key elements of the model is given in Figure 7. The
model was created using the material properties listed
in Table 1.

4.1 Verification of FEM predictions

Figures 8 and 9 show both the experimental and theo-
retical model strain distributions of the control beam
and the 30% quarterspan debond beam, respectively,
for an applied load of 10 kN.

Although there is some fluctuation in the strain
readings, the finite element model does predict the
strain response of the control beams very well. As dis-
cussed above, the variation is mostly attributable to
the effects of noise in the low values of experimental
strain.

For beam Q30-1, the FEM again predicts the gen-
eral pattern of strain response. The influence of the
debonded zone on the shape of the strain distribution
is clearly visible for both the FEM and the experimen-
tal results. A large amount of noise in the beam Q30-2
strain results prevented any meaningful comparison
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Figure 10. Test and F.E. values of LPIP at 900 mm.

and it is omitted from the figure. It is also noted that
the shape of the experimental strain profile, shown at
the 150 kN load level (Figure 4), which is less sensitive
to the noise effects, agrees very well with the F.E.M.
predicted shape.

Figure 10 shows the LPIP values for both the exper-
imental and F.E. results of the control beam and the
30% quarterspan debond beam at 900 mm.
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Except for the readings acquired when the load was
located at 1/5 of the span, the experimental results
closely match the finite element model results.

5 PROPOSED DAMAGE INDICATORS

Once the sensitivity of the strain profile to debonding
was identified and the ability of the F.E.M. to predict
this response verified, the F.E.M. was used to exam-
ine the issue of debonding damage indicators which
may be used in a field monitoring program. Exam-
ples of several possible damage indicators that can be
used for Structural Health Monitoring are presented.
Generally SHM systems relying on strain readings
require an exact repeat of the loading using periodic
load tests; although the periodic running of a known
control vehicle may be possible. Sophisticated weight-
in-motion systems could also be utilized along with
statistical analysis and neural networks to effect real
time monitoring under operating conditions.

In either system, monitoring is usually based on
the idea of tracking trends in behaviour for the same
beam, rather than different beams as used in the exper-
imental study. It is assumed that the laminate is fully
bonded at its initial condition and that any change in
strain response with time could be correlated against
a proposed index. Each index idea is presented in
terms of the methodology which would be followed.
It is assumed that an appropriate F.E. model would be
developed for each case.

5.1 Method I – complete profile comparison

Strain profiles of the initial condition of the structure
are generated for the load in a specific position.A para-
metric study is then carried out using the finite element
model to generate profiles for various damage situa-
tions for a predetermined “critical” debond length (e.g.
20% Quarter etc.). A large family of curves, such as
the one shown in Figure 11, are produced for differ-
ent debond locations and load positions. The load test
would be conducted periodically and its results com-
pared to the family of curves. An expert system could
also be used to automate the identification of damage
process. This method would be difficult to implement
with random loading although the shape of the strain
profile is not magnitude sensitive, only load position
sensitive.

Alternatively, the system could look for a change
in the strain profile and then produce the family of
curves based on the change. In this circumstance, a
comparison with theory would only need to examine
a reduced family of debond damage curves.

5.2 Method II – LPIP comparison

The fully bonded structure would be tested to mea-
sure the Load Position Influence Pattern (LPIP) for
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each gauge location as a load truck crossed the bridge
(An LPIP is similar to an influence line as it gives
the strain value at a specific location as a fixed load
moves across the span). This would create a point load
at every place along the beam. The finite element
model is then used to generate the damaged LPIP
for each gauge. A plot is required for each differ-
ent debond location and magnitude. The area beneath
the curve is then related to the level of damage as
shown in Figure 12 and Equation 1. Note that the
x-axis scale in Figure 12 is not linear in order to
highlight the difference in areas in and around the
debond zone.

This method requires separate damage indicators for
each gauge location, but it does have the advantage
that it uses several readings instead of one read-
ing to detect damage. This method may be better
suited for random load applications and statistical
analysis.
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5.3 Method III – strain gauge magnitude tracking

This method measures the initial strain magnitude for
each gauge when the load is directly over the gauge
position. The finite element model then generates a
plot of strain magnitude versus debonded length for
a debond centred on each gauge. A typical strain vs.
debonded length plot is shown in Figure 13. A dam-
age indicator based on the change in the strain at this
location can be generated as shown in Equation 2.
Periodic load tests could then track the trend in the
magnitude of strain. This method is very sensitive to
load repeatability. If random loads are being used, the
yearly load patterns should have similar statistical dis-
tributions and the representative average of the peak
values for a vehicle pass for a statistically significant
period of time could be used instead of the individual
strain reading.

6 CONCLUSIONS

This paper was an initial step in the determination
of suitable damage indicators for use in a structural
health monitoring system to detect CFRP laminate
debonding damage in the field using strain readings.
In experimental tests, the axial strain distribution of
the CFRP laminate was found to be sensitive to the
presence of the induced debonded zones. However, the
level of noise present in the low load level tests made
the positive detection of the debonded zones very diffi-
cult. The debonded zones were easily detected at load
levels of 1/4 and 1/2 of the ultimate load when they
were located in a high shear, varying moment region

of the beam. It was discovered that only strain gauges
within or near to the debonded zone were sensitive to
the debonding damage. The work clearly showed the
necessity for many strain monitoring points along a
laminate.

It was demonstrated that a finite element model
could be developed to predict the strain response. This
model was used to propose several methods for dam-
age detection. The methods proposed in the paper
are generic and would need structure-specific models
before implementation. Further modelling would also
be required to isolate strain changes due to debonding
from other long-term phenomena.
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Test and analysis of the basic mechanical properties of CFRP sheets

Y.X. Yang, Q.R. Yue, J.S. Cao, Y. Zhao & P. Cai
National Diagnosis and Rehabilitation of Industrial Building Engineering Research Center, Beijing, China

ABSTRACT: Fiber reinforced polymer (FRP) material, which is a kind of advanced structural material, has
been used in civil engineering more and more widely. However, there is not a normal checking method that suits
for civil engineering now in China because of short period application. We all check the FRP material by the
standard of composite materials. So it is essential for us to establish a normative checking method in research
and application, which needs a large amount of test results to determine the influencing factors. A large amount
of experimental studies were conducted focusing on the action factors that influence the test results of FRP
materials in this paper. The influences of all the factors are discussed in details in this paper, which can provide
essential results for us to establish a normative checking method.

1 INTRODUCTION

Fiber reinforced polymer (FRP) materials have been
used in civil engineering more and more widely due
to their excellent performance. They are not only used
in new-built construction, but also used in structure
strengthening and rehabilitation. Among all the FRP
materials, carbon fiber reinforced polymer (CFRP)
sheet is used prevailingly at present. However, the test
standards of composite are referred to check the basic
properties of the advanced materials, which can’t meet
the needs of the research and application in civil engi-
neering [1]. In order to establish a normative checking
method that reflects the real state in China and up to the
international level, the National Diagnosis and Reha-
bilitation of Industrial Building Engineering Research
Center takes on the compilation of the national code
“Application and technique specification for advanced
fiber reinforced polymer materials” and the “Techni-
cal specification for strengthening concrete structures
with carbon fiber reinforced polymer laminate”. One
of the main tasks is to determine the checking method
and standard that checks the properties of the FRP
materials. In order to establish the normative check-
ing method, a large amount of test results are needed
to determine the influencing factors. A large amount
of experimental studies were conducted focusing on
the action factors that influence the test results of
FRP materials in this paper, which can provide essen-
tial results for us to establish a normative checking
method.

2 ANALYSIS OF THE INFLUENCING FACTORS

Test results showed that a lot of factors affect the
test results of the specimen in the whole process of

fabrication and test. The main factors are the fabrica-
tion process of the specimens and the test method.

2.1 Fabrication process of the specimens

When the dry carbon fiber sheets is coated with resins,
redundant air exists in the resin and at the interface
between the carbon fibers and the resin. So stress con-
centration exists at the defect and leads to failure of
the specimen.

When cutting the CFRP sheets, it is very difficult
to control the actuate dimensions of the specimen,
especially the width. The dimensional error by manual
fabrication is usually ±0.3 mm.

The surfaces of the aluminum tab at both ends of the
specimen are not absolutely even, so the force trans-
ferred in the specimen was not smooth, which causes
the carbon fibers rupture gradually.

2.2 Performance of the FRP materials

CFRP sheet specimen consists of carbon fiber sheet
and resin, so its strength is the action of both the car-
bon fibers and resin. Because the mechanical property
of the resin is unstable and discrete, the test results
fluctuate unpredictably. From the failure modes of the
specimens, the most of the specimens ruptured after
the carbon fiber tows disperse. Test results showed that
at the initial loading, resin is very active for the carbon
fibers. But after the carbon fiber tows disperse, due to
the serious deformability difference between the resin
and the carbon fibers, the lateral shear force of the
resin is harmful to the carbon fibers.

2.3 Test method

When we calculate the mechanical property value of
the CFRP sheets, the calculating width and nominal
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Table 1. Test results summary of different width.

Width/mm

Mechanical properties 8 10 12 15 21

Brand I Tensile strength Mean value (MPa) 4099.6 4181.8 4608.6 4101.9 3949.3
Standard deviation (%) 1123.4 632.4 298.8 423.875 407.474
Coefficient of variation (%) 0.274 0.1512 0.0648 0.1033 0.1032

Elongation Mean value (MPa) 1.54 1.7313 1.75 1.7519 1.7333
Standard deviation (%) 0.3056 0.1352 0.106 0.2174 0.2326
Coefficient of variation (%) 0.1981 0.0781 0.0607 0.1241 0.1342

Elastic modulus Mean value (MPa) 236.4 228.77 249.67 235.163 229.247
Standard deviation (%) 41.8 25.9688 13.31 9.6541 17.7185
Coefficient of variation (%) 0.1769 0.1135 0.0533 0.0411 0.0773

Brand II Tensile strength Mean value (MPa) 4055.1 3919.7 3860.6 4197.1 3723.1
Standard deviation (%) 415.4 632.11 706.15 1025.2 915.23
Coefficient of variation (%) 0.1024 0.1613 0.1829 0.2443 0.2458

Elongation Mean value (MPa) 1.63 1.59 1.585 1.667 1.5667
Standard deviation (%) 0.0884 0.2434 0.2796 0.3798 0.3109
Coefficient of variation (%) 0.0543 0.1528 0.1764 0.2279 0.1985

Elastic modulus Mean value (MPa) 229.4 227 230.85 235.65 230.97
Standard deviation (%) 12.83 10.31 9.47 14.59 16.87
Coefficient of variation (%) 0.0559 0.0454 0.0410 0.0619 0.073

Brand III Tensile strength Mean value (MPa) 4154.3 4116.9 4303.5 3917.3 3969.3
Standard deviation (%) 486.68 914.56 300.76 590.4 495.5
Coefficient of variation (%) 0.1172 0.2221 0.0699 0.1507 0.1248

Elongation Mean value (MPa) 1.6867 1.71 1.61 1.66 1.633
Standard deviation (%) 0.1767 0.3871 0.1407 0.264 0.1839
Coefficient of variation (%) 0.1048 0.2259 0.0872 0.1591 0.1126

Elastic modulus Mean value (MPa) 233.9 236.5 253.9 239.4 248.8
Standard deviation (%) 4.946 5.832 6.98 7.5 13.568
Coefficient of variation (%) 0.0211 0.0247 0.0275 0.0314 0.0545

thickness are adopted. But due to the error of the fab-
rication of the specimens, the true widths are different
from the calculating width, so the computed strengths
are different from the true strength of the CFRP sheets.
The measuring error and measuring range of the test
machine, the environmental conditions of fabrication
also influence the test results.

2.4 Dimensions of the specimen

The influence of specimen dimensions on the test
results depends mainly on the probability of the dimen-
sional defects occurrence. Commonly, the probability
of defects occurrence increase with the increase of
the width, length, thickness of the specimens. The
proper dimension of the specimen is discussed in this
experimental study.

3 TEST RESULTS

Some of the test results are listed in Table 1–Table 4.

4 ANALYSIS OF TEST RESULTS

4.1 The width of specimen

From the failure modes of the specimens, the car-
bon fiber tows ruptured gradually. Some of the fiber
tows ruptured at first, then the load is sustained by the
rest fiber tows and the stress in the rest carbon fibers
increase sharply, which results in the final failure of
the specimen. Defects, such as air pore, resin bulk and
cutting damage, increase with the increase of the spec-
imen width. The variation of strength versus specimen
width and the coefficient of variation of strength versus
specimen width are plotted in Figure 1.

In Figure 1, it can be seen that the strength and the
coefficient of variation alter with different width. For
two type of the CFRP sheets, when the width of the
specimen is close to 12 mm, the strength of the CFRP
sheets attains the maximum value. Meanwhile, the
coefficient of variation is minimal. For the third type of
CFRP sheets, the strength is maximal when the width is
15 mm and the coefficient of variation is minimal. The
reason is that with the decrease of the width, the error
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Table 2. Test results summary of different length.

Length/mm

Mechanical properties 230 280 330

Tensile strength Mean value (MPa) 4289.3 3718.2 3324.8
Standard deviation (MPa) 370.5247 318.4 435.78
Coefficient of variation 0.0864 0.0856 0.1311

Elongation Mean value (%) 1.6068 1.52 1.36
Standard deviation (%) 0.1834 0.1353 0.2090
Coefficient of variation 0.1142 0.0889 0.1531

Elastic modulus Mean value (GPa) 268.5041 241 236.8
Standard deviation (GPa) 20.9937 12.6 9.24
Coefficient of variation 0.0782 0.0521 0.039

Table 3. Test results summary of different resin content.

Serial Weight before Weight after Weight of Tensile Elastic Elongation
number gelatinization (g) gelatinization (g) resin (g) strength (MPa) modulus (GPa) (%)

1 4.1 6.7 2.6 1745 196 0.8
2 3.9 6.3 2.4 3457 215.5 1.5
3 4 6.4 2.4 3136 215.9 1.5
4 4.2 6.1 1.9 3628 227.4 1.6
5 4.2 8.4 4.2 4241 232.4 1.8
6 4.3 6.4 2.1 4236 219.7 1.8
7 4.2 6 1.8 3411 215.3 1.5
8 4 6.5 2.5 3446 224.4 1.5
9 3.9 9.5 5.6 2921 223.3 1.2

10 4.2 6.5 2.3 3222 213.1 1.4
11 4.2 6.4 2.2 3467 214.5 1.5
12 3.9 6.2 2.3 3589 221.7 1.6
13 3.9 5.9 2 3285 209.4 1.4
14 4.1 6.1 2 3889 227.6 1.6
15 4.2 7 2.8 3026 213.4 1.4

Table 4. Test results summary of different layer of CFRP sheets.

Layers

Mechanical properties 1 2

Tensile strength Mean value (MPa) 4289.3 3816.5
Standard deviation (MPa) 370.5247 388.3
Coefficient of variation 0.0864 0.1017

Elongation Mean value (%) 1.6068 1.68
Standard deviation (%) 0.1834 0.1897
Coefficient of variation 0.1142 0.1129

Elastic modulus Mean value (GPa) 268.5041 228.3
Standard deviation (GPa) 20.9937 12.2
Coefficient of variation 0.0782 0.0535

caused during the fabrication increase.The probability
of the defect occurrence increases with the increase of
width. So the optimal width of the specimen is between
12 mm and 15 mm. Referring to the “Test method

for tensile properties of oriented fiber reinforced
plastics” and considering the present fabrication
level, the suggested width of the specimen is
15 mm [2].
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Figure 1. Strength and coefficient of variation versus width.
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Figure 2. Elongation and coefficient of variation versus
width.

The variation of elongation and coefficient of
variation versus width are shown in Figure 2.

It can be seen in Figure 2 that the elongation and its
coefficient of variation varied with different widths.
Moreover, the coefficient of variation varied rapid and
the maximum is high. So the elongation of CFRP
sheets is unstable, a suggested fluctuating range is
needed in practice.

Figure 3 shows that with the different width, the
change of elastic modulus and its degree of discrete
are small, so elastic modulus is stable and the value
210 GPa is suggested in practice.

4.2 The length of specimens

All the specimens are fabricated by the same CFRP
and of the same width 15mm in the test and they are
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Figure 3. Elastic modulus and coefficient of variation
versus width.
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Figure 4. Strength versus resin content.

all made by one person.Therefore, the change of data is
mainly influenced by the length of specimens. Table 2
shows the values of every index become small with
the increasing of the length, because the probability of
existence of defects also increases. Since the require-
ment of fabrication and test of specimens, the length
cannot be too small. Thus the length of 230 mm is
considered as the standard length of specimens.

4.3 Resin content

Specimens with the length 230 mm and with the width
15 mm were taken from 15 groups in the test. Without
considering the influence of size, the influence of the
resin content can be analyzed. From the data the rel-
ative curve between strength and the resin content is
achieved.

Figure 4 shows that the specimens with the length
of 230 mm and with the width of 15 mm have the best
strength with the resin content about 2.0∼2.1 g. More
or less resin content is disadvantage to strength.
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Table 5. Resin content and strength value.

Resin content (g) 1.8 1.9 2 2.1 2.2 2.3 2.4 2.4 2.5 2.8
Strength (MPa) 3411 3628 3889 4236 3467 3589 3457 3136 3446 3026

4.4 The thickness of specimens

30 specimens were tested with one layer of sheet and
two layers of sheets separately. From Table 4, com-
pared with each index, the strength and the elastic
modulus of CFRP specimens with one layer of sheet
is better than those with two layers of sheets evidently,
but the elongation has no change. Since the probabil-
ity of defects with two layers of sheets increases, the
specimens with one layer of sheet have the more prob-
ability to damage and their strength will be low. In the
same time, if the CFRP specimens are fabricated with
two layers of sheets with different performance, the
resin between CFRP sheets will have disadvantage to
strength when in tension.

4.5 Fabrication process

The influence of fabrication process on the mechanical
properties is small, so the suggested process is as fol-
lows. At room temperature the dry carbon fiber sheet
is placed on a piece of isolating film and coated by
the mixed resin on both surface. Then cover another
isolating film on the CFRP sheets and roll it repeat-
edly from the center to the ends by a glass rod until
the surface of the CFRP sheets is uniform and there is
no white spot. After the resin precure, cut the CFRP
sheets into proper dimensions.

4.6 Test of specimens

The test of specimens has small influence. Therefore
the hydraulic actuator test machine with capacity of
20 kN is suggested, and the velocity of loading is
2 mm/min.

5 CONCLUSIONS

(1) The dimensions of specimens influence the
mechanical properties significantly. So from the

above analysis, the specimen with the length of
230 mm and width of 15 mm is suggested and the
specimen is fabricated by only one layer of dry
CFRP sheet. The proper resin content is about
2.0–2.1 g.

(2) The error of fabrication process and the method of
test has small influence on the mechanical prop-
erties, but controlling the fabrication process and
the method of test is suggested.

(3) The composite material consists of two different
materials – fiber and resin, which will influence
the mechanical properties.Thus the research of the
matching between the two materials is needed.
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Mineral based bonding of CFRP to strengthen concrete structures
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ABSTRACT: The advantages of FRP-strengthening have been shown time and again during the last decade.
All over the world several thousand structures retrofitted with FRPs exist. There are various reasons why the
retrofit is needed, but since buildings and civil structures usually have a very long life, it is not uncommon that
the demands on the structure change with time. The structures may have to carry larger loads at a later date or
fulfil new standards. In extreme cases, a structure may need repair due to an accident, or due to errors made
during the design or construction phase, such that the structure needs to be strengthened before it can be used.
This paper presents tests where the epoxy has been replaced with a cement based bonding agent for retrofitting
with composites. Pilot tests show that full composite action can be achieved and that only minor changes in
the design procedure needs to be taken. In comparison with traditionally CFRP strengthened concrete slabs the
strengthening system with the cement based bonding agent showed as good or even better behaviour with regard
to load bearing capacity and deflection at failure.

1 INTRODUCTION

1.1 Background

Over the past decade, the issue of deteriorating infra-
structure has become a topic of critical importance in
Europe, and to an equal extent in North America and
Japan. FRP (Fibre Reinforced Polymers) are today
used for various applications, such as reinforcement
in RC and PC structures, stay cables and newly built
structures. However, by far the most extensive appli-
cation is in repair and strengthening of existing struc-
tures. This strengthening technique may be defined as
one in which composite sheets or plates of relatively
small thickness are bonded with an epoxy adhesive to,
in most cases, a concrete structure to improve its struc-
tural behaviour and strength. The sheets or plates do
not require much space and give a composite action
between the adherents. The adhesive that is used to
bond the fabric or the laminate to the concrete sur-
face is normally a two-component epoxy adhesive.The
old structure and the newly adhered material create a
new structural element that has a higher strength and
stiffness than the original.

The motivation for research and development into
repairing, strengthening and restoration of existing
structures, particularly concrete systems, is increas-
ing. If consideration is given to the capital that has
been invested in the existing infrastructure, it is not
always economically viable to demolish and rebuild a
deficient structure.

The challenge must be to develop relatively sim-
ple measures such as restoration, reparation and
strengthening that can be used to prolong the life
of structures. This challenge places a great demand
on both consultants and contractors. Also, there
could be difficulties in assessing the most suitable
method for an actual repair; for example, two iden-
tical columns within the same structure can have
totally different lifespan depending on their individual
microclimate.

The use of epoxy as the bonding medium for the
adherent has proven to give excellent force transfer.
Not only does epoxy bond to concrete, steel and com-
posites, it has also shown to be durable and resistant
to most environments. However, when epoxy are used
for plate bonding some drawbacks can be identified.
Firstly, epoxy as a bonding agent may create prob-
lem in the work environment, secondly, epoxy should
have a minimum application temperature, often 10◦C,
and thirdly, epoxy create sealed surfaces (diffusion
closed) which may imply freeze/thaw problems for
concrete structures. In addition to this, high tempera-
tures might cause problems to the cold cured adhesives
mostly used for CFRP strengthening. To avoid some
of these problems it is suggested that cement based
CFRP strengthening methods are used. Applications
and research in this field is limited. Nevertheless, this
paper presents a pilot study where concrete slabs have
been strengthen with CFRP grids and a cementitious
bonding agent.
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1.2 History

At the end of the 1980s, Luleå University of Tech-
nology commenced research into the repair and
strengthening of existing concrete structures utiliz-
ing the plate bonding technique. Initially steel plates
were used to strengthen members. Currently, how-
ever, all research is focused on plate bonding using
fibre reinforced polymer (FRP) composite materials in
which, carbon fibre composite is the favoured mate-
rial. The method of strengthening existing concrete
structures with the use of epoxy adhesives originates
in France in the 1960s (L’Hermite, 1967), (Bres-
son, 1971 a, b), where tests on concrete beams with
epoxy bonded steel plates were conducted. There is
also reported use of this strengthening method in
South Africa in 1964, (Dussek, 1974). Since then,
the application of epoxy bonded steel plates has
been used to strengthen bridges and building in sev-
eral countries over the world; Switzerland (Ladner &
Flueler, 1974), (Fässler & Derendinger, 1980), the
former Soviet Union (Steinberg, 1973), the United
Kingdom (Swamy & Jones, 1980), Australia (Palmer,
1979), the United States (Klaiber et al., 1987), Japan
(Raithby, 1980) and Sweden (Täljsten, 1990), just to
mention a few.

Even though the method was used widely, it was
not considered very successful. The drawbacks such
as corrosion, the need of overlap joints, the heavy
working loads during installation and the need for
pressure on the adhesive during hardening could not
be overcome. In 1995, one of the last applications to
strengthen bridges with steel plates was carried out
in Sweden, and this is shown in Figure 1 where the
steel plates is mounted onto a bridge. This project
was considered successful, but the disadvantage of the
technique, viz. heavy plates, need of joints, bolting and
pressure during curing of the adhesive, still remained.
An inspection after 8 years shows no corrosion or
degradation of the strengthening system.

In the last decade the plate bonding method has gone
through a revival. The reason for this is mainly the
increased need for retrofitting of our existing build-
ings and bridges. However, another very important
factor is the introduction of advanced composites to
the civil engineering arena. Fibre composites and rein-
forced plastics offer unique advantages in applications
where conventional materials cannot supply a satis-
factory service life (Agarwal & Broutman, 1990).
The high strength to weight ratio and the excellent
resistance to electrochemical corrosion of composites
make them attractive materials for structural applica-
tions. In addition, composites are formable and can
be shaped to almost any desired form and surface
texture. One interesting application of currently avail-
able advanced composite materials is the retrofitting
of damaged or structurally inadequate building and
bridges. In Switzerland, (Meier, 1987), one of the first

Figure 1. Strengthening of a concrete bridge with steel
plates. Carried out in Sweden during the mid 1990s.

applications with the use of carbon FRP (CFRP) was
carried out at the end of the 1980s, and since then
several thousand applications have been carried out
worldwide.

Clearly there is a great potential for, and consid-
erable economic advantages in, FRP strengthening.
However, if the technique is to be used effectively,
it requires a sound understanding of both the short-
term and long-term behaviour of the bonding system. It
also requires reliable information concerning the adhe-
sion to concrete and composite. The execution of the
bonding work is also of great importance in order to
achieve a composite action between the adherents. Of
the utmost importance is to know the practical limits
of any proposed strengthening method.

1.3 Research at Luleå University of Technology

At Luleå University of Technology, Sweden, research
has been carried out in the area of plate bonding.
The research work started in 1988 with steel plate
bonding and is now continuing with FRP materials.
Both comprehensive experimental work and theoret-
ical work have been carried out. The laboratory tests
have included strengthening for bending as well as for
shear (Täljsten, 2001) and torsion (Täljsten, 1998).
Full-scale tests on strengthened bridges have also
been performed (Täljsten , 1994), (Täljsten & Carolin,
1999) and (Täljsten, 2000). In particular, the theory
behind the development of peeling stresses in the adhe-
sive layer at the end of the strengthening plate has been
studied, as has been the theory of fracture mechanics to
explain the non-linear behaviour in the joint (Täljsten,
1994), (Täljsten, 1996) and (Täljsten, 1997).

In Sweden the FRP strengthening methods have
been used in the field for almost 10 years now, and
both laminates and wrap systems are used. Sweden is
also one of the first countries in the world where a
national code exists for FRP strengthening (Täljsten,
2003).
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2 ADVANTAGES AND DISADVANTAGES
USING FRP IN CONSTRUCTION

2.1 Background

There exist many technical solutions for structural
problems and deficient concrete, and the final deci-
sion is always based on many factors. Some of these
factors include: material cost, demand for mechanical
strength and stiffness, impact resistance and resis-
tance to vandalism, resistance against environmental
effects, long-term properties such as relaxation and
creep, application, and production methods. In addi-
tion, in some cases, the client may not be familiar with
the purposed solution and, therefore, chooses a more
conventional method. Even though advanced compos-
ites have been used for retrofitting over a decade now
many clients are still not familiar with the technology.
All technologies do contain advantages and disadvan-
tages and so does CFRP retrofitting, below are some
of the advantages and disadvantages are listed.

2.2 Advantages

FRP strengthening poses a number of potential
advantages:

Handling and transportation: The composite
materials used for strengthening are very light and
easy to handle. In comparison to steel plate bonding
where plates not longer than 2–3 metres can be han-
dled, here almost infinitely long plates or sheets can
be handled. In addition, no overlap plating is neces-
sary. Also, compared to traditional concrete overlays
or shotcrete, much less material has to be transported
when FRP strengthening is used.

Durability and maintenance: Carbon fibre com-
posites have especially good durability, longterm
fatigue properties, and do not normally need to be
maintained over time.

Thin strengthening layers: In many situations, thin
strengthening layers can be advantageous. Thin layers
will not change the dimension of the existing structure
and can also be combined with thin concrete overlays
or surface-protecting materials. Here low underpasses
for road traffic can be an application where other-
wise complicated methods of strengthening would be
needed.

Construction time: Time is always a critical factor
in the construction industry. If time can be reduced,
money can be saved. FRP strengthening can often be
done during short periods without stopping the traffic,
and little time is needed for hardening of the bonding
agents.

Pre-stressing possibilities: During the last few
years, products have been introduced to the market
that can be pre-stressed in combination with bond-
ing. This gives a higher utilisation of the strengthening
product, at the same time reducing existing cracks, and

increasing the yield load of the existing steel reinforce-
ment. It is also possible to use pre-stressing to increase
the shear capacity of concrete structures.

Design: The possibility to optimise the FRP mate-
rials in the direction most needed is a benefit for
design. In addition, compared to many other strength-
ening techniques, few methods have undergone such
thorough investigation regarding testing, design and
application as FRP strengthening. Therefore, the con-
sultant can rely on existing design guidelines.

Cost: The cost of a strengthening work with com-
posites compared to traditional methods is often lower,
even though the material costs are higher.

2.3 Disadvantages

Potential disadvantages for CFRP retrofitting are:
Mechanical damage: Since the FRP materials

themselves are brittle; they can be damaged by van-
dalism or by other types of attacks. If this is a concern,
the FRP should be protected. Fortunately, if damage
should occur, repairs can be easily undertaken.

Long-term properties: Carbon fibre composites
with an epoxy matrix are said to have very good
long-term properties. However, since the materials
have only been used for approximately 10 years in
the building industry, not enough data exists to verify
this. However, the main concern is probably not the
composite itself, but rather the adhesive layer. Never-
theless, the experience from older steel plate bonding
projects shows that many of these structures are still
in use with no visible deterioration of the bond layer.
If the right type of material is used, and if the strength-
ening work is carried out carefully, 30 years of use can
be guaranteed.

Working environment: Since epoxies are used for
bonding the sheets or laminates to the structure, the
working environment is very important. If these mate-
rials are not handled as prescribed, a risk for injuries
to the labourers exist. However, with correct handling,
the risk for injuries is very low.

Temperature and moisture dependence: The hard-
ening process of thermosetting adhesives is moisture
and temperature dependent. It can be necessary, there-
fore, in some environments to heat to the structure.

Lack of experience: Lack of experience is of course
a large disadvantage. However, this can be overcome
with education. Importantly, the knowledge must reach
the consultants and the clients.

Conservatism: The well-known conservatism of
the construction industry towards something new can
be difficult to overcome. As above, the solution is
education and the dissemination of knowledge.

Design: The lack of experienced building consul-
tants that understand composites and how they should
be used is a big drawback. Since it is the consultant
that recommends a solution, if s/he does not know that
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a certain method exists or how to handle it, s/he will
of course suggest another method.

Cost: The carbon fibre sheets or laminates are
much more expensive when compared to traditional
building materials, at least per m2 or per kg. In some
contexts this is a factor and other methods will be
used. Nevertheless, as mentioned earlier, the whole
strengthening project needs to be considered to get a
fair comparison.

Nevertheless, if one consider the relatively short
time CFRP retrofitting has existed it has had a very
important impact on the construction industry. Not
only have we obtained a new repair and strengthening
method, we have also introduced a total new material
to be added to steel, concrete and wood. What impact
this will have in the future no one knows, but probably
larger than we expect today. To overcome some of the
listed drawbacks with epoxy bonded CFRP products
mineral based bonding systems might be a part of the
solution. In the next section this will be discussed in
more detail.

3 MINERAL BASED BONDING SYSTEMS

3.1 Background

It would be, from several points of view, very bene-
ficial and interesting if the epoxy adhesive could be
replaced with a mineral-based bonding agent, such as
modified concrete. One of the drawbacks with epoxy
is that it is considered toxic; on the skin, thermoset-
ting components can cause irritations and eczema.
Inhalation of epoxy resins should also be avoided. The
hardeners have, as a rule, a pungent smell that can
cause temporary irritation of the breathing passages.

Inhalation of amines does not normally cause any
poisoning. The risk of swallowing thermosetting com-
ponents is deemed minor. In order to avoid problems
with epoxy work, the work should be well planned
in advance, and personal protective equipment should
be used. Another reason why it would be beneficial
to replace epoxy is when retrofitting work is carried
out on areas where the concrete needs to be diffusion
open – i.e. wrapping of columns or similar applica-
tions. Low temperatures might also cause problems for
thermosetting adhesives, where most formulas need
at least 10◦C to get the exothermic hardening pro-
cess started. Here it would be possible to apply the
cement-based bonding agent at temperatures as low
as 0◦C. That means that if the epoxy adhesive could
be replaced with a mineral-based bonding agent a
more environmental friendly, diffusion open and less
temperature sensitive strengthening system could be
obtained. However, these systems will most likely also
have drawbacks. For example, laminates or dry fab-
rics will be complicated to bond, the laminate due to
low adhesion to the composite and the fabric due to

inferior wetting of the fibre. Research with the use
of short FRP fibres have been going on for some
time now, see for example (Kesner et al., 2003), (Li,
1998) and (Rossi, 1997). However, research with the
use of long FRP fibres is limited. Research studying
cement overlays with textiles of carbon fabrics embed-
ded in cement based matrix to strengthen masonry
walls has been carried out by (Kolsch, 1998). The
strengthening system prevents partial or complete col-
lapse of masonry walls in the critical out-of-plane
direction during a seismic event. A study to improve
the bond between carbon fibres and cementitious
matrices has been carried out by (Badanoui, 2001),
where dry fibre fabrics were used. It was found that
a pre-treatment with silica fume and high amounts
of polymers improved the bond behaviour of carbon
fibre to the cement. However, it was also stressed
that more research is needed in this field. A very
interesting pioneering work has been carried out by
(Wiberg, 2003). Large-scale tests of ordinary concrete
beams strengthened with a cementitious fibre com-
posite were reported. The composite used was made
of polymer-modified mortar and a unidirectional sheet
of continuous dry carbon fibres applied by hand. Both
flexural and shear strengthening were tested. From the
tests it was concluded that the method works, and that
considerable strengthening effects can be achieved. In
comparison with epoxy bonded carbon fibre sheets,
the amount of carbon fibre needed to reach the same
strengthening effect for the cementitious strengthen-
ing system was more than double.The reason for this is
mainly due to problems with wetting the carbon fibre.
This is also emphasised by (Badanoiu & Holmgren,
2003), where it was found that the load capacity of
the cementitious carbon fibre composite is influenced
by the amount of fibres in the tow. If the cementitious
matrix can penetrate into the interior of the carbon
fibre tow, a higher number of filaments will be active
during loading, and this will lead to the increase in
load carrying capacity.

3.2 Pilot tests

At Luleå University of Technology a research program
is currently ongoing regarding the use of cementi-
tious bonding agents in combination with carbon fibre
composites. In this paper a brief description of pilot
tests, (Becker, 2003), carried out on strengthen con-
crete slabs will be presented. The research at Luleå
University of Technology is focused on the use of
cementitious bonding agent as a replacement for epoxy
adhesive. In comparison to tests performed by earlier
researchers, for example by (Wiberg, 2003), a differ-
ent path to overcome problems with wetting the fibres
has been chosen. Instead of using dry fibres, a thin
composite is chosen. This composite may be in the
shape of a small rod (1D), grid (2D) or grid (3D).
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Figure 2. CFRP grid used in slab 3, 4 and 6.

Table 1. Data for the reinforcement.

Reinforcement E [GPa] fy [MPa] ε [%]

Steel 209 483 –
Fabric 228 – 1.50
Grid 242 1.43

Table 2. Material data for the bonding agents.

Bonding agent τa [MPa] Ea [GPa]

Cementitious >5.0 35.5
Epoxy >5.0 4.8

In the pilot test, a two dimensional grid has been
chosen as reinforcement.

In this particular case, matrix for the grid consists
of epoxy, and the product is manufactured in factory-
controlled environment. The composite grid used in
the test is shown in Figure 2. In total, six slabs were
tested, one reference slab, one with additional steel
reinforcement and three with carbon fibre grids. Here,
one of the grids was sanded to increase the bond to the
cementitious bonding agent, and for one of the tests
the amount of carbon fibre was doubled. In the last
slab tested, traditional epoxy bonded carbon fibre fab-
ric was used for strengthening. In Table 1 the material
data of the carbon fibre grid and carbon fibre fabric are
shown, together with the quality of the steel reinforce-
ment. Here, E denotes the Young’s modulus and fy the
yield stress for the steel, ε is the ultimate strain for the
CFRPs. In Table 2 are the data, shear strength, τa, for
the cementitious bonding agent and the epoxy adhe-
sive recorded for together with the Young’s modulus
for respectively bonding agent. The shear strength was
measured by a torque test and the obtained value for
the epoxy adhesive is failure in the concrete substrate.

The square in the grid was 45 × 47 mm, with a
cross sectional area corresponding to 59 mm2/m in the
loaded direction. The procedure for bonding the CFRP
grid to the slab, No. 3, 4 and 6, was the following; first
the slab was sand blasted and thoroughly cleaned, to
simplify the application procedure the slab was placed
upside down, and a thin layer of the cementitious mor-
tar was then applied on the slab surface. The grid was
then placed in position and the rest of cementitious
mortar was applied.A thin plastic layer was placed over
the slab, to avoid early shrinkage. The cementitious

Figure 3. Concrete slab with the CFRP grid placed in
position before applying the cementitious bonding agent.

Figure 4. Bonding the CFRP fabric to slab No. 5.

Figure 5. Torque test.

bonding agent was let harden in controlled environ-
ment, +18 ± 2◦C and 50% RH for 28 days before the
slab was tested. The total thickness of the cementitious
layer and the CFRP grid was approximately 8–10 mm.
In Figure 3, the slab with the grid in position before
applying the cementitious bonding agent is shown. It
need to be mentioned that it would have been possible
to apply the mortar upside down.

Slab No. 5 was strengthened with CFRP fabric and
a normal bonding procedure was followed. First the
slab was sand blasted, the surface cleaned properly
and a primer applied. After the primer had hardened a
thin layer of epoxy was applied and the CFRP fabric
mounted in the adhesive and a new layer of adhesive
applied. In Figure 4 bonding the bonding procedure is
shown. Slab No. 5 was let harden 7 days in controlled
environment, +18 ± 2◦C and 50% RH, prior test-
ing. The concrete compressive and splitting strength
together with the surface strength tested by a torque
method was measured at time for testing.The principle
for the torque test is shown in Figure 5.
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Table 3. Data for tests with strengthened slabs.

Slab Reinforcement Bond fcc [MPa] fct [MPa] τa [MPa] Pc [kN] Py [kN] Pf [kN]

1 – – 49.4 5.5 4,5 4 25 25
2 Extra steel 4 no φ 8 – 49.4 5.5 5,4 5 38 38
3 1 BPE® NSMG 43 Cement 49.4 5.5 5,4 4 32 35
4 1 BPE® NSMF 43 Cement 49.4 5.5 4,5 4 32 40
5 BPE® Composite 200S Epoxy 50.8 5.9 5,3 5 35 41
6 2 BPE® NSMG 43 Cement 50.8 5.9 5,3 10 40 51

Test set-up for the slabs 

Failure of slab No. 3, breakage of fibre and
debonding of polymer concrete 

Failure of slab No. 5, breakage of fibre and
debonding of the fabric 

Figure 6. Test set-up for the pilot test.

In Table 3 the material data and dimensions of the
slabs are shown, and in Figure 6 is the load set-up for
the slabs shown. In Table 3, fcc and fct is the compres-
sive and splitting strength of concrete, respectively. Pc
is the cracking load for concrete and Py the yield load
for the slab. The failure load is denoted Pf . The result
from the torque test is denoted τa. It can be noticed in
Table 3 that the strength values from the torque and the
splitting test are almost of the same magnitude.

The slabs in the pilot test are shown in Figure 6. It
can be noticed that all the slabs have the same size, but
that they have been strengthened by different methods.
All slabs, except the reference slab and slab No. 6 with
two CFRP grids, have been designed for the same fail-
ure load. Slab No. 2 is strengthened with 4 no of extra
steel reinforcement, φ 8, slab No. 3 and No. 4 have
been strengthened with one single layer of CFRP grid,

for slab No. 3 the grid has been sanded prior bond-
ing, this to increase the bond between the cementitious
bonding agent and the grid. Slab No. 5 is strengthened
by traditional epoxy bonded fabrics. The cross sec-
tional area of the fabric is 62 mm2/m.The last slab, slab
No. 6, was strengthened with 2 layers of CFRP grid.
The slabs were loaded with two line loads up to failure,
the loading was deformation controlled with a load rate
of 0,03 mm/s. This rate was doubled when the steel in
the slab reached yielding. The load deflection curves
from the test are recorded for in Figure 7, where the
total load is plotted as a function of the mid-deflection.

It can be noticed in Figure 7 that the slab with the
highest reinforcement content, i.e. No. 5 with two lay-
ers of carbon fibre grid, sustained the highest load at
failure. Slabs 2, 3, 4 and 5 were all designed for approx-
imately the same failure load. Slab No. 3 reached
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Figure 7. Load–deflection curves for the pilot test.

failure earlier than the other slabs due to breakage of
the fibres. The reason for fibre breakage was that the
bond between the grid and the cementitious bonding
agent probably was too high, resulting in high stress
concentrations. As a consequence a failure arose at
a crack in the cementitious bonding material. In slab
No. 4 a small slippage between the cementitious bond-
ing material and the grid provided for a higher load.
However, in comparison with slab No. 5, where fab-
rics had been bonded with epoxy to the slab, a less
stiff behaviour could be noticed for the slabs with a
single carbon fibre grid. The reason for this less stiff
behaviour depends most likely on the fact that the
epoxy bonded fabric prevent early cracking. The same
effect cannot be obtained with the CFRP grid. Slabs
No. 2, 4 and 5 reached approximately the same fail-
ure load. The slab with extra steel reinforcement, No.
2, showed stiffer behaviour than slabs No. 3, 4 and 5.
In Figure 6, the right hand side is a photo of the test
set-up shown together with the failure modes for slabs
No. 3 and No. 5. For both of these slabs debonding
occurred after fibre breakage. This was not the case
for slabs No. 2, 4 and 6, where extensive cracking
and large deflections preceded fibre breakage. This
may also be noticed in Figure 7, where large deflec-
tions were obtained for all these slabs. In addition slab
No. 6 obtained the highest failure load and was also
the stiffest slab of the ones tested. Also the cracking
and steel yielding loads were considerably higher for
slab No. 6. compared to the other slabs. A FE-model
was also developed – corresponding quite well to the
laboratory tests; however due to space limitations, this
model is not presented here, see (Becker, 2003).

4 SUMMARY AND CONCLUSIONS

In this paper the use of cementitious bonding agents in
combination with advanced composite materials is dis-
cussed.A pilot test is presented, and it can be seen from
the results that slabs strengthen with CFRP grids and

bonded to concrete with a cementitious bonding agent
are comparable to a slab strengthen with epoxy bonded
carbon fibre fabrics and a slab with increased steel
reinforcement. The failure mode for the slab strength-
ened with sanded CFRP grid and epoxy bonded fabric
was quite brittle, whereas the failure mode for the other
slabs was more ductile.

The test was considered promising, and the pilot
tests presented are now being followed up with
more comprehensive research at Luleå University of
Technology.
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ABSTRACT: Unidirectionally reinforced composite rods have some drawbacks such as tendency to separation
in compression along reinforcement, low resistance to shear and transversal stretching. The most promising way
to control rod properties is application of spiral reinforcement where combination of hybridization and spatial
reinforcement makes it possible to modify rod properties in a wide range.Technological process of rod production
includes additional process of spiral winding of the main fiber material. Profile of necessary cross-section is
formed from a spirally reinforced semi-finished product which is a hollow tube made up of one or several coaxial
fiber layers spirally wound by a thread of auxiliary reinforcement. Analysis of rod loading condition permits to
develop a method of calculation of stress–strain condition and effective longitudinal modulus of elasticity and
shear modulus of a round rod.

Experimental study of dependence of separation threshold and strength of the rod on its structural and
geometric parameters in compression has been carried out.

Results show that introduction of a spiral layer changes strain condition and type of failure in compression.The
efficiency of the layer introduction is determined both by the layer properties and ratio of modulus of elasticity
of the main and auxiliary reinforcement. Introduction of spiral winding permits to increase rod strength in
compression by 20–40%, in shear – by 10–20%.

1 INTRODUCTION

Rod elements made of fibrous composites are a fre-
quent component of spatial trussed design thanks to
a set of specific advantageous properties, including
low linear thermal expansion coefficient (LTEC), good
radioparent features and some other. These advan-
tages are however bounded by known drawbacks, most
unfavorable among which is anisotropy of elastic and
strength characteristics. High tensile properties of the
material in reinforcement direction are in contradiction
with poor transversal characteristics, low interlayer
shear modulus, and etc. This, in its turn condition
impaired strength of rods from unidirectional com-
posites at a lengthwise compression and relatively
low critical load values. Such rods start to break and
loose their bearing capacity much earlier than the
material strength and bearing capacity of its fibers
are exhausted being dependent upon accumulation of
microdamages in the bulk. Fracture of rods of unidirec-
tional composites occurs as a result of delamination of
their fibers arising from binder cracking and bulging
of individual unstable fibers.

The critical force value under which the straight-
line equilibrium state of the rod becomes unstable is

determined as follows:

where E – the efficient elastic modulus of the rod
material; L – its length; J – cross-sectional inertia
moment; K – coefficient dependent on cross-section
geometrical form; G – longitudinal shear modulus;
F – cross-sectional area.

The analysis of above dependence evidences that
the critical load can be raised under given geometrical
parameters of the structure through enhancing elastic
constants of the material. To increase the resistance to
interlayer shear and transverse tearing it is worthwhile
using hybrid spirally reinforced fillers and the spi-
ral reinforcement procedure. Moreover, rather coarse
structural units produced by spiral winding of one or
a few types of fibrous reinforcements with fibers of
some other type can be employed with this aim. As a
result, a built-up cylinder is achieved in which coax-
ial longitudinal layers of the main reinforcement are
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alternating with thin stiffening layers. Hence, the spi-
rally reinforced rod represents a multilayered hybrid
composite.

The operation of composite rods under temperature
difference requires high enough strength along with
rigidity, length stability of the rod element, etc. Inves-
tigation results of a number of authors indicate that the
integral LTEC of a hybrid unidirectional composite
can be regulated by combining fibers with the pos-
itive (glass-reinforced plastic) and negative (carbon
plastic) LTEC. An essential drawback of the method
is introduction of majority of the low-modular filler
in direction of the main reinforcement that reduces
article rigidity. In a number of cases it’s proposed to
regulate the LTEC value of a thin-walled carbon plas-
tic rod by various spatial reinforcement schemes to
ensure high bearing capacity of the rod element that,
unfortunately doesn’t take into account the material
temperature sensitivity.

In contrast, spiral reinforcement allows for diver-
sity in choosing main and auxiliary materials, their
mutual disposition, different geometrical parameters
of stiffening layers, probability of varying in fact any
properties of the produced rod, including the integral
LTEC of the material. Thus, there arises a problem of
predicting elastic and thermoelastic properties of spi-
rally reinforced rods and their optimum designing with
allowance for their performances. The studied rods
represent inhomogeneous multilayered structures. The
fundamentals of the theory of designs of the type
are set forth in [1] where relations for each element
of the piecewise-homogeneous body are given and
conditions of an ideal mechanical and thermomechan-
ical contact between them are reported. Nevertheless,
solutions of a number of practical problems by this
method encounter perceptible analytical and compu-
tation difficulties and necessitate the development of
new methods of solutions.

By combining different reinforcing fibers in a
hybrid spirally reinforced rod and varying geometri-
cal parameters of the main and stiffening layers one
can change in fact any properties of rod elements.
Here arises a problem of defining elastic and strength
characteristics of such rod elements and the issue of
the choice of an optimum material structure for a set
operation regime.

2 MATHEMATICAL MODEL

As a design model of the hybrid spirally reinforced rod
we choose a built-up cylinder of circular cross-section
(Fig. 1) consisting of N thick main layers Si rigidly
connected to thin stiffening layers Li (i = 1, . . . , N ).
One of the rod faces is considered as rigidly fastened.
The coordinates are so that Z axis is parallel to the
rod generatrix and its origin coincides with the gravity

Figure 1. The design model of a hybrid spirally rein-
forced rod.

center of its idle face. In this case, plane r� is parallel
to that of the cylinder cross-section.

It’s been specified above that layers Si, Li (i =
1, . . . , N ) are spirally anisotropic. The considered type
of anisotropy relates to a case of a local orthotropic
body [2]. This means that there are 13 Si independent
elastic constants in each point of the cylinder in the
chosen coordinates r�z.

Technical characteristics of layers Si, Li (i =
1, . . . , N ) can be calculated on the basis of known
formulas with account of the reinforcing fiber proper-
ties, that of the binder and filling degree of the layer.
To compute elastic constants of layers Si and Li the
local coordinates r1�1z1 is chosen so that axis z1 be
aligned with the reinforcing layer direction, and axis r1
be parallel to r axis.Transfer from the local coordinates
r1�1z1 to r�z is exercised by the pivot turn r by angle
γi determined by twisting of layer Si fibers under the
action of the winding fiber, and by the packing angle
βi of layer Li(i = 1, . . . , N ).

2.1 Calculation of loading conditions

What concern rods under study, it’s possible to avoid
solution of Saint-Venant’s problem for built-up spi-
rally anisotropic bodies and the problem on a complex
loading of a compound piecewise-homogeneous rod
element by introduction of an assumption on smallness
of the layer breadth as compared to contacting bulk
bodies and the one that cross-sections of the rod remain
plane at deformation. This will lead to the solution of
3 spatial problems of the theory of elasticity, namely
on the rod loading by an axial force PZ , rod twisting
by torque MTR and bending moments M1 and M2.

Loading conditions in this case are accounted for
as integral face conditions
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Layers Si in the rod model considered are inhomoge-
neous and local-orthotropic.As it follows from [3], the
integral face conditions (2)–(4) are true for each layer.
Like in the case when layers Si are homogeneous the
assumption on smallness of layer breadths Li enables
consideration of face loads of the built-up spirally
anisotropic rod using the integral face conditions.

Hence, the problem on a complex loading of a built-
up spirally anisotropic rod is reduced to solution of
three spatial problems: the problem on longitudinal
loading, the twisting problem and that on bending with
torques. The loading conditions are taken into account
in the integral face conditions (2)–(4).

Let’s consider an axisymmetric loading of a spirally
anisotropic rod S whose cross-section is a circular ring
or circle. The elasto-equivalent directions of the rod
material are disposed along the helical lines whose
inclination to the generatrix is conditioned by fiber
twisting under the action of the winding thread. Since
the elastic constants of the rod are independent of
variable�, then under the axisymmetric loading

For further transformations let’s write coefficients
aij of Hook’s law as

where a(0)
ij are elastic properties of rod S in reinforce-

ment direction.
The dependencies for determining constants Cij

through a(0)
ij are of the form

Since coefficients aij of Hook’s law depend on small
angle γ0, it’s natural to apply the perturbation theory
for the problem solution. With this aim the stresses and

strain will be written as

taking that γ0
n ≈ 0 at n ≥ 3.

Since the unstrained face of the rod is rigidly fixed,
then

where unknown constants a, a0 are found from face
conditions (2) and (3).

The problem is solved in three stages. The solution
corresponding toγ0

0 , i.e. to transversely isotropic mate-
rial is found at the first stage. In this case the solution
of the plane problem is of the form

Stresses σ
(0)
z , τ(0)

�Z and displacements U (0)
r are easily

found from Hook’s law

At the second stage the solution corresponding to
γ0

0 and γ1
0 is sought. By equating coefficients of similar

exponents of the small perimeter γ0 from Hook’s law

At the third stage the terms corresponding to γ0
0 , γ1

0 , γ3
0

are defined.
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Hence, SSS of the spirally anisotropic rod is deter-
mined during axisymmetric loading by dependencies
(9), (10) and

where unknown constants are found from the boundary
and face conditions.

3 EXPERIMENTAL

The process of manufacturing spirally reinforced rods
includes their molding from a fibrous material by pul-
trusion followed by packing of the spiral layers. The
needed filling degree and dimensions of each inter-
mediate layer and the article as a whole are reached
at every stage of forming with the help of spinnerets
of the required open flow area. The reinforcing lay-
ers are packed immediately after leaving the spinneret
using special winders. Solid rod elements are pro-
duced 20 mm in diameter and tubular ones have 25 mm
inner and 35 mm outer diameters, and their longitudi-
nal to transversal layer relation is 1:0 till 2:3. There
are 2 coaxial layers (main reinforcement) and 3 lay-
ers of the auxiliary reinforcement. Winding pitch of
the spiral reinforcement is 1 mm. The initial materials
were glass braids, carbon braids and organic fibers of
29.4 tex, boron fibers and epoxide compound-based
binders. Properties of the rod element ingredients are
given in Table 1.

The winding fiber tension force is chosen within
5–8 N/braid. The obtained braids are cured in a poly-
merizing oven following a standard time–temperature
regime. As far as inner stresses might appear dur-
ing cooling of the rod element a part of the samples
were formed so as to exclude the effect of SSS during

Table 1. Properties of reinforcing fibers.

Parameters Boron Organic Glass Carbon

Breaking tensile 25–38 22 35 20–22
stress, MPa, × 102

Elastic modulus,
MPa, 102

Under tension 4000 1100 950 2700
Under shear 1600 15 40 75
Relative elongation 0.8 3 4 1.2

at rupture, %
LTEC 106 K−1 2.4 3 5 −0.5
Poisson’s ratio 0.2 0.3 0.3 0.22

Table 2. The compressive strength dependence of rod
elements on face closure type.

Unidirectional Wrapped

σP , σP ,
Type of closure MPa W , % MPa W , %

Simple supported, 232 13.4 201 12.5
polished

Inserted in metal 295 6.9 249 9.2
shells

Filled up in metal 382 1.6 389 6.2
shells

Filled up in metal 396 4.3 416 5.4
shells and movable
at loading along
guides

testing. With this aim each layer was cured immedi-
ately after molding and the reinforcing layer was laid
on the cold-set binder after polymerization and cooling
of the main layer.

The formed rod elements were cut into 50 mm long
specimens and endured less than 20 ± 2◦C and 65%
humidity not less than for 16 h.

To obtain the real strength values of the rods under
study under compression various types of face closure
has been studied:

1. The faces are simply supported, polished, and assist
conditions of free cross-deformation of face areas.

2. The faces are inserted in metal shells to simu-
late conditions of constrained cross-deformation of
outer areas of the rod with some limitations of the
inner ones.

3. Faces are inserted into metal shells and filled up
with a cold-set compound to simulate conditions of
constrained deformation of all face areas of the rod.

The unidirectional and spirally reinforced glass-plastic
rods underwent testing. The test results are presented
in Table 2.
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Figure 2. Failure of samples.

Proceeding from the above, the closure type of rod
faces effects noticeably their strength during com-
pression testing. The samples containing spiral layers
are more sensitive to this factor as compared to uni-
directional ones. Further investigations have given
evidences that the samples incorporating a spiral rein-
forcing layer doesn’t exhaust their bearing capacity but
breakdown as a result of stability loss of the sample.
To eliminate the phenomenon a tubular guide has been
mounted for the shells to move with filled-in faces
aimed at preserving relative coaxiality. As a result,
trustworthy values of strength characteristics of the
spirally reinforced rods under compression have been
obtained.

The view of the destroyed samples is shown
on fig.2

4 CONCLUSION

The conducted theoretical and experimental investi-
gations have proved that introduction of a spiral layer
changes SSS and fracture behavior of the rods made
of fibrous CM under compression. The effectiveness
of the layer is governed by its geometrical parame-
ters and the relationship of the elastic moduli of the
main and auxiliary reinforcements. Proposed earlier
calculation method enables accurate forecasting of the
delamination threshold and fracture behavior of the rod
element.
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ABSTRACT: The behaviour of fiber reinforced polymer (FRP)-confined concrete has been extensively studied.
Most of the existing models have been concerned with small-size cylinders. This paper presents the experimental
and analytical results of axially loaded large-scale columns confined with FRP wrapping reinforcement. The
effective circumferential FRP failure strain and the effect of increasing confining action were investigated. The
reliability of different models for the prediction of the ultimate strength of FRP-confined concrete has been
verified when applied to real scale axially loaded columns. A revision of an existing model developed earlier
by the first author was presented. The revised model addresses the effective FRP failure strain that is attributed
to localized stress concentrations near failure due to non-homogenous deformations of the damaged concrete.
A comparison between the experimental results and those predicted by the existing models was investigated.
Based on the model verification, results show that only few of these models seem to predict the behaviour of the
tested large-scale columns accurately.

1 INRODUCTION

Concrete columns have an important function in the
structural concept of many structures. Often, these
columns are vulnerable to exceptional loads (such
as impact, explosion or seismic loads), load increase
(increasing use or change of function of structures,
etc.) and degradation (corrosion of steel reinforce-
ment, alkali silica reaction, etc.). On the other hand,
confinement of concrete is an efficient technique to
increase the load carrying capacity and ductility of
concrete members primarily subjected to compres-
sion. By providing lateral confining pressure, the
concrete is subjected to a tri-axial state of stress, so that
the compressive strength and deformability increase.
Since the introduction of FRP as externally bonded
reinforcement, confinement by means of FRP wrap-
ping has been of considerable interest for upgrading
columns, piers, chimneys, etc. and several research
programs have been conducted internationally.

To verify the effectiveness of FRP confinement
with respect to real-scale axially loaded columns and
to investigate some specific aspects of the model-
ing of FRP confined concrete, compression tests on
large-scale columns wrapped with FRP have been
performed (Matthys 2000). The variables considered
in this test program included FRP type, full or partial

wrapping, and fibre orientation (circular or helicoidal).
This research mainly focuses on the experimental and
analytical work concerning large-scale axially loaded
columns, confined with external FRP wrapping rein-
forcement. The study also looks into the strength
modeling of FRP confined concrete, i.e. the effective
circumferential FRP failure strain and the effect of
increasing confining action.

2 EXPERIMENTAL PROCEDURE

Eight large-scale columns were manufactured. The
confined-concrete columns were subjected to axial
loading. The test parameters of the wrapped columns
are given in Tables 1a, b. The columns had a total
length of 2 m, a longitudinal steel reinforcement ratio
of 0.9% and 8 mm diameter stirrups spaced every
140 mm. Extra stirrup reinforcement was provided at
the column ends. All columns have a 400 mm circu-
lar cross-section. Except for columns K6 and K7, the
FRP is applied over the total area (full wrapping) in a
circular way, providing 200 mm overlap length in the
circumferential direction (no overlap was provided in
the longitudinal direction). For columns K6 and K7
partial wrapping is applied, either in a circular way
with a clear spacing of 200 mm (K6) or in a helicoidal
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way with a pitch of 400 mm and a clear spacing of
200 mm (K7).

Different types of FRP reinforcement consist-
ing of CFRP sheets (C240 and C640), GFRP fab-
rics (TU600/25) and HFRP (hybrid FRP) fabric
(TU360G160C/27G) have been used to confine the
concrete columns. Tensile tests (according to ASTM
D3039/D3039M) were performed on FRP sheet spec-
imens with a width of 50 or 100 mm. Results of the
tensile tests of the FRP sheets and the longitudinal
steel rebars and stirrups are reported in terms of mean
values in Tables 2a, b.

The concrete columns were subjected to an axial
load test in a compression testing machine with a
capacity of 10000 kN. The load was applied in a dis-
placement controlled mode at 0.5 mm/min. Due to
problems with the loading control unit, the displace-
ment rate of column K2 decreased after reaching
maximum load. Axial and circumferential deforma-
tions of the columns were measured both manually
and electronically. Manual measurements comprised

Table 1a. Test parameters of wrapped columns.

Concrete

Column diameter Age at test f ′
c (28 days)

Spec. [mm] [days] [N/mm2](1)

K1 Ø 400 29 31.8
K2 Ø 400 28 34.3
K3 Ø 400 29 34.3
K4 Ø 400 29 39.3
K5 Ø 400 32 39.3
K6 Ø 400 28 35.8
K7 Ø 400 28 35.8
K8 Ø 400 32 39.1

(1) N/mm2 = MPa.

Table 1b. Test parameters of wrapped columns.

FRP confinement

Clear
FRP type No. of Width spacing Pitch Wrapping

Spec. [mm] layers [mm] [mm] [mm] [mm]

K1 – – – – – –
K2 C240 5 300 0 0 full
K3 C640 4 300 0 0 full
K4 TU600/25 6 200 0 0 full
K5 TU600/25 2 200 0 0 full
K6 TU600/25 4 200 200 0 partial
K7 TU600/25 4 200 200 400 partial
K8 TU360G160 4 50 0 0 full

C/27G

dial gauges with a gauge length of 1 m and mechan-
ical deformeters with a gauge length of 200 mm or
50 mm. For the electronic measurements, both strain
stirrups (gauge length 200 mm or 80 mm) and strain
gauges have been used.

Table 2a. Mean tensile properties obtained by tensile
testing.

Nominal Yield
dimensions strength

Type (mm) (N/mm2)

Steel Rebar S500(1) Ø 8 560
Ø 12 620

C-sheet 240 - Multipox T 300 x 0.117(2) –
C-sheet 640 - Multipox T 300 x 0.235(2) –
TU600/25 - PC5800 200 x 0.300(2) –
TU360G160C/27G- PC5800 50 x 0.123(2) –

(1) Characteristic yield strength value equal to 500 N/mm2.
(2) Equivalent dry-fibre thickness.

Table 2b. Mean tensile properties obtained by tensile
testing.

Tensile Ultimate
Strength strain E-modulus

Type (N/mm2) (%) (N/mm2)

Steel Rebar S500(1) 610 2.77 200000
720 8.73 200000

C-sheet 240 - Multipox T 2600 1.19 198000
C-sheet 640 - Multipox T 1100 0.22 480000
TU600/25 - PC5800 780 1.30 60000
TU360G160C/27G- 1100 0.96 120000
PC5800
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3 EXPERIMENTAL TEST RESULTS

3.1 Behaviour at ultimate load

The test results of the columns in terms of maximum
load Qmax, axial stress (maximum load Qmax/gross
column section Ag), strength increase, axial (εc1 and
εcu) and circumferential strains (εc�1 and εc�u) at max-
imum and ultimate load respectively and ratio of the
circumferential strain εc�u over the FRP failure strain
εfu are given in Tables 3a, b. The mentioned strains are
the mean values of the strain gauge measurements.

The unconfined ultimate compressive strength of
the control column (K1) was 37.3 MPa. A strength
increase up to 1.62 is found for the different columns
and strongly depends on the wrapping lay-out, and
FRP type and amount. The confined concrete columns
failed by fracture of the FRP reinforcement, as shown
in Figure 1. For the fully wrapped circular columns at
ultimate load, when confinement action was no longer
provided due to FRP fracture, the internal steel started
buckling and the crushed concrete fell down between
the fractured FRP. For the partially wrapped columns it
was noted that the unconfined zones started crushing
when reaching the strength of the plain concrete. For
these columns, buckling of the internal steel occurred
in the unconfined zones, after FRP failure.

Table 3a. Test results of compression tests on columns.

Qmax Qmax/Ag Q/Qref

Specimen [kN] [N/mm2] [–]

K1 (Ø/Ref.) 4685 37.3 1.00
K2 (Ø/C240/#5/full) 7460 59.4 1.59
K3 (Ø/C640/#4/full) 7490 59.6 1.60
K4 (Ø/G/#6/full) 7580 60.3 1.62
K5 (Ø/G/#2/full) 5325 42.4 1.14
K6 (Ø/G/#4/partial-circ.) 5000 39.8 1.07
K7 (Ø/G/#4/partial-helic.) 4810 38.3 1.03
K8 (Ø/H/#4/full) 6230 49.6 1.33

Table 3b. Test results of compression tests on columns.

εc1 εcu εc�1 εc�u εc�u/εfu
Specimen [mm/m] [mm/m] [mm/m] [mm/m] [–]

K1 (Ø/Ref.) 2.8 3.1(1) 1.7 1.8(1) –
K2 (Ø/C240/#5/full) 11.1 (12.0)(2) 6.9 (7.3)(2) (0.61)(2)

K3 (Ø/C640/#4/full) 4.3 4.3 2.5 2.5 1.14
K4 (Ø/G/#6/full) 6.9 6.9 7.5 7.5 0.58
K5 (Ø/G/#2/full) 3.8 3.8 6.8 8.0 0.62
K6 (Ø/G/#4/partial-circ.) 2.8 3.3 1.6 3.3 0.25
K7 (Ø/G/#4/partial-helic.) 2.2 2.2 3.1 3.3 0.25
K8 (Ø/H/#4/full) 5.9 6.0 5.3 5.3 0.55

(1) Test stopped at an axial strain of about 3.1 mm/m.
(2) Problems with the load control unit of the actuator in the post peak region.

Figure 1a.  Failure of HFRP fully wrapped column.

Figure 1b.  Failure of GFRP partially wrapped column.

Figure 1. Failure aspect of the confined columns.
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Results show that the strength increase basically
depends on the amount and tensile strength of the FRP
wrapping. The higher the axial stiffness of the FRP
wrapping, the lower the ultimate axial strain and hence
the lower the increase in ductility. The ratio ε�u/εfu
(circumferential ultimate strain/ultimate strain of the
fiber) for fully wrapped circular columns (except for
K3) was between 0.55 and 0.62 as shown in Table 3b.
This may indicate that secondary effects near failure,
such as stress concentrations in the FRP due to non-
homogeneous deformations of the damaged concrete
are significant. This may have led to a non-uniform
distribution of the strain in the FRP wrapping. It should
be noted that the ultimate tensile failure strain (εfu)
reported by the manufacturer was much higher than the
mean strain value obtained in this study. The ultimate
failure strain reported by the manufacturer was 0.4%.

Comparing fully and partially wrapped columns
with the same type and total amount of FRP (Table
3a, b), less efficiency is obtained in case of par-
tial wrapping as part of the concrete is unconfined.
Furthermore, helicoidal wrapping results in a lower
strength increase and axial strain compared to circu-
lar wrapping. This is due to the fact that the fibres
are no longer aligned in an optimum way to restrain
the lateral expansion of the concrete. The ratio ε�u/εfu
obtained for the partially wrapped columns (K6 and
K7) equals 0.3, which is much lower than the fully
wrapped circular columns.

3.2 Effective FRP strain coefficient

According to the obtained test results, the mean
effective FRP failure strain (circumferential failure
strain, ε�u) when reaching the ultimate state of the
wrapped members is lower than the ultimate FRP strain
εfu = ff /Ef . The ratio of the circumferential strain at
failure to the ultimate tensile strain of the FRP is
referred to, as the effective FRP strain coefficient
(β = ε�u/εfu). Thus, the maximum lateral confinement
pressure f�u is given as:

For fully wrapped circular cross-sections Kconf is given
by

where Ef is the elastic modulus of the FRP composite,
ff is the ultimate strength of the FRP composite, tf is
the thickness of the fiber and D is the diameter of the
unconfined concrete.

To quantify the effective FRP strain coefficient
(β), using the results of this study and others (Picher

0

0.1

0.2

0.3

0.4

0.5

0.6

0.7

0.8

0.9

0 1000 2000 3000 4000 5000 6000

Kconf. (N/mm2)

�
 (

-)

Watanable et al.
Xia and Wu
Picher et al.
Mirmiran et al.
This Study
Toutanji
Pessiki et al.

Figure 2. Effective FRP failure strain.

1996, Watanable 1997, Mirmiran 1998, Matthys 1999,
Toutanji 1999, Xiao 2000, Pessiki 2001), the coeffi-
cient (β) was expressed as a function of the parameter
Kconf , as shown in Figure 2. For the purpose of
obtaining a simple design equation for the lateral con-
finement pressure, the value β is set to be equal to 0.6.
As shown in Figure 2 the effective FRP strain coeffi-
cient β, decreases with increasing the stiffness of the
fiber.This implies that the value of β for CFRP is lower
than that for GFRP, since carbon fiber has higher stiff-
ness than glass fiber. This is in agreement with a study
conducted by Lam &Teng (2003), which showed that β
equal to 0.583 for CFRP-confined concrete cylinders
and 0.669 for GFRP-confined concrete cylinders.

As β is related to ff /Ef , the strength and stiffness
of the FRP should be known. Because the characteri-
zation of the tensile properties of FRP is influenced
by the way of testing, the tensile strength of the
FRP should be determined in accordance with ASTM
D3039/D3039M or similar method using flat coupons.

3.3 Strength models of FRP-confined concrete

Most of the existing strength models adopted the con-
cept of Richart et al. (1929), in which the strength
at failure for concrete confined by a hydrostatic fluid
pressure takes the form:

where f ′
cc is the maximum strength of the confined con-

crete, f ′
co is the maximum strength of the unconfined

concrete, fl is the lateral confining pressure, and k1 is
a confinement effectiveness coefficient.

A number of strength models have been proposed
specifically for FRP-confined concrete. These models
use Eq. (3) with a modified expression for k1. Based
on regression analysis, an equation for k1 was obtained
by Toutanji (1999). When k1 is substituted in Eq. (3),
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Figure 3. Comparison between the experimental values and
those predicted by different models.

an expression to calculate the ultimate confining stress
of FRP-confined concrete is obtained:

where fl

Experimental data presented in this study and others
(Lam & Teng 2003) have shown that the circumferen-
tial failure strain is mostly smaller than the ultimate
strain obtained from standard tensile testing of the
FRP reinforcement. As shown earlier, the effective
FRP strain coefficient (β = εclu/εfu), was expressed as
a constant and equal to 0.6.

Based on this finding, Toutanji’s model (1999) was
modified to account for the reduction in the lateral
confinement stress. Thus, the lateral confining stress
becomes:

Using a reduction factor β of 0.6 and substituting fl
into Eq. (1), the revised Toutanji’s model to predict the
ultimate axial compressive strength of FRP-confined
concrete columns then can be given by the formula:

where

where εfu is the ultimate tensile strength of the FRP.
A comparison between the ultimate strength

predicted by various models and the experimental
ultimate strength values is shown in Figure 3. Con-
siderable similarities were found between the different
models. However, the best predictions were found
in models by Miyauchi et al. (1999), Saafi et al.
(1999), Samaan et al. (1999), and Toutanji Revised.
As expected, the model by Mander et al. (1988) tends
to overestimate the ultimate strength. This model was
developed for confining concrete under triaxial com-
pression with equal lateral effective confining stress
by steel spirals or circular hoops.

4 CONCLUSIONS

Confinement of concrete by means of FRP wrap-
ping is an efficient technique to increase strength
and ductility. The quality of execution and the wrap-
ping configuration have a considerable influence on
the effectiveness of the FRP wrapping. Beside the
effectiveness (influence of partial wrapping and fibre
orientation), the strength increase basically depends
on the amount and tensile strength of the FRP wrap-
ping. The increase in ductility (ultimate axial strain) is
inversely proportional to the stiffness (E-modulus) of
the FRP wrapping. Hence, for a given type of FRP, the
higher the strength increase the lower the increase in
ductility.

Due to several influencing factors, among which
the local stress concentrations near failure, a reduced
mean FRP failure strain is found for the wrapped spec-
imens. To model this aspect, a reduction coefficient
was introduced, referred to as the effective FRP strain
coefficient (β = εlu/εfu), which is equal to 0.6. Because
the characterization of the tensile properties of FRP is
influenced by the way of testing, the tensile strength
of the FRP should be determined in accordance with
ASTM D3039/D3039M or similar method using flat
coupons.

Four models, by Miyauchi et al. (1999), Saafi et al.
(1999), Samaan et al. (1999), and Toutanji Revised,
were found to predict the ultimate strength of FRP-
confined concrete quite accurately. Results show that
the predicted ultimate strengths compare well with
those of experimental.
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ABSTRACT: Fiber reinforced polymer (FRP) composites have found increasingly wide applications in civil
engineering due to their high strength-to-weight ratio and high corrosion resistance. One important application
of FRP composites is as a confining material for concrete, particularly in the strengthening or seismic retrofit
of existing reinforced concrete (RC) columns by the provision of an FRP jacket. FRP confinement can greatly
enhance both the compressive strength and the ultimate strain of concrete. This paper presents a new stress–strain
model for FRP-confined concrete in which the responses of the concrete and the FRP jacket as well as their
interaction are explicitly considered. The key new feature of this model compared to existing models is a more
accurate and more widely applicable lateral strain equation based on careful interpretations of test results of
unconfined, actively confined and FRP-confined concrete. The model is shown to be accurate by comparing
its predictions with results from tests on FRP-confined concrete. Furthermore, the model is also shown to give
accurate predictions for steel tube-confined concrete, demonstrating the wide applicability of the model to
concrete confined by different confining materials.

1 INTRODUCTION

Fiber reinforced polymer (FRP) composites have
found increasingly wide applications in civil engi-
neering due to their high strength-to-weight ratio and
high corrosion resistance. One important application
of FRP composites is as a confining material for
concrete, particularly in the strengthening or seismic
retrofit of existing reinforced concrete (RC) columns
by the provision of an FRP jacket. FRP confinement
can greatly enhance both the compressive strength and
the ultimate strain of concrete.

A large number of studies have been carried out
on the compressive behavior of FRP-confined con-
crete, leading to various stress–strain models. These
models fall into two categories: (1) design-oriented
models presented in closed-form expressions; and
(2) analysis-oriented models which predict stress–
strain curves using an incremental procedure. For a
comprehensive and critical review of existing stress–
strain models for FRP-confined concrete, the reader is
referred to Teng & Lam (2004). While design-oriented
models are given in closed-form expressions derived
directly from test results, analysis-oriented models

consider the responses of the concrete and the FRP
jacket as well as their interaction in an explicit manner.

The majority of analysis-oriented models are based
on the assumption that the axial stress and axial strain
of concrete confined by a jacket at a given lateral strain
are the same to those of the same concrete actively con-
fined with a constant confining pressure which is equal
to that supplied by the jacket. Such models include
those developed by Mirmiran & Shahawy (1996),
Spoelstra & Monti (1999), Fam & Rizkalla (2001),
Chun & Park (2002), and Harries & Kharel (2002). As
a result of this assumption, for a given axial strain, the
axial stress of FRP-confined concrete can be evaluated
using an active confinement model for concrete, pro-
vided the confining pressure at this moment (i.e. the
current confining pressure) is known.The current con-
fining pressure can be determined without difficulty
if the lateral strain for the given axial strain is known.
Therefore, the lateral strain–axial strain relationship,
which is in general neither required nor available in
an active confinement model, is the key to an accu-
rate confinement model for FRP-confined concrete.
It should be noted that as the confining pressure in
FRP-confined concrete varies continuously with axial
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strain while an active confinement model provides a
family of stress–strain curves with each being for a
given constant confining pressure, the evaluation of
the stress–strain response of FRP-confined concrete
using an active confinement model is a step-by-step
incremental process.

In all five FRP confinement models mentioned
above, the model by Mander et al. (1988) for steel-
confined concrete is adopted as the active confinement
model with no or slight modification. It may be noted
that the behavior of concrete confined by steel trans-
verse reinforcement with a yield plateau is very similar
to that of actively confined concrete after the yielding
of steel. These models however employ rather differ-
ent lateral strain-axial strain relationships. Mirmiran &
Shahawy (1996), Spoelstra & Monti (1999), Fam &
Rizkalla (2001) and Chun & Park (2002) based their
lateral strain equations on test results of actively con-
fined or unconfined concrete. The validity of these
equations for FRP-confined concrete has not been
appropriately justified. Harries & Kharel (2002) based
their two lateral strain equations (one for GFRP con-
finement and the other for CFRP confinement) on
their own test results of FRP-confined concrete, but
the accuracy is questionable due to the limitation of
their test data (Teng & Lam 2004).

This paper presents a brief summary of a
new analysis-oriented stress–strain model for FRP-
confined concrete. Additional information on this
model can be found elsewhere (Huang et al. 2004).The
key new feature of this model is a more accurate and
more widely applicable lateral strain equation based
on careful interpretations of test results of unconfined,
actively confined and FRP-confined concrete (Huang
et al. 2004).The model is shown to be accurate by com-
paring its predictions with test results of FRP-confined
concrete as well as steel tube-confined concrete.

2 LATERAL STRAIN-AXIAL STRAIN
RELATIONSHIP

Based on test observations, the following expression is
proposed to describe the lateral strain–axial strain rela-
tionship for unconfined concrete (Huang et al. 2004):

where εc and εl are the axial strain and the lateral
strain of concrete respectively; εco is the axial strain
at the unconfined concrete strength; and A, B, C, and

D are constants to be determined. The sign conven-
tion adopted in this paper is as follows: compressive
stresses and strains in the concrete are positive but in
the FRP, tensile stresses and strains are positive. For
confined concrete, the effect of confining pressure σl
on lateral strains is important and can be captured by
the following equation (Huang et al. 2004):

where f ′
co is the compressive strength of unconfined

concrete, and α and β are constants to be determined.
For actively confined concrete, σl is a constant value
throughout the loading history, but for FRP-confined
concrete, σl increases with the hoop strain εh and is
given by

where Efrp is the elastic modulus of the FRP jacket
in the hoop direction, t is the thickness of the FRP
jacket, R is the radius of the confined concrete core,
and εh = − εl . The ratio between σl and f ′

co is defined
as the current confinement ratio.

For Eq. 3 to be applicable to unconfined concrete, it
is obvious that α = 1. A trial and error process showed
that the available test data are best approximated with
β = 8 (Huang et al. 2004). Furthermore, the constants
A, B, C and D in Eq. 1 were determined using the avail-
able test data, with the final expression of the lateral
strain–axial strain relationship being

In Fig. 1, the normalized axial strain εc/εco. with fur-
ther normalization to account for the effect of confin-
ing pressure (referred to as the equivalent normalized
axial strain) is plotted against the normalized lateral
strain εl/εco. In Fig. 1a, the test results of six uncon-
fined concrete cylinders (152 mm × 305 mm) from
Lam et al. (2004) with a strength of around 40 MPa
are compared with the predictions of Eq. 4. In Fig. 1b,
a similar comparison is presented for the results of 16
tests conducted by Candappa et al. (2001) on 100 mm
× 200 mm cylinders with the unconfined concrete
strength ranging from 40 MPa to 100 MPa, and 6 tests
by Sfer et al. (2002) on 150 mm × 300 mm cylinders
with unconfined concrete strengths of 32.8 MPa and
38.8 MPa. These specimens were tested with active
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Figure 1. Performance of the proposed lateral strain
equation.

confinement at lateral pressures ranging from 1.5 MPa
to 12 MPa. In Fig. 1c, the comparison is for the results
of 16 tests on 152 mm × 305 mm concrete cylinders
confined with FRP from Lam et al. (2004) and Lam
& Teng (2004) with an unconfined concrete strength
being around 40 MPa. These specimens were confined
with FRP jackets comprising one to three plies of car-
bon FRP (CFRP) or one or two plies of glass FRP
(GFRP). It is important to note that while the lat-
eral strain–axial strain responses of these unconfined,
actively confined and FRP-confined specimens are
very different (Huang et al. 2004), the equivalent lat-
eral strain–axial strain responses are reasonably close

to each other. A few curves for FRP-confined con-
crete fall significantly above the predictions of Eq. 4
(e.g. the three specimens with three plies of CFRP).
These results are from load-controlled tests by Lam &
Teng (2004) so the different loading method may be a
reason for the deviation, although other results from
the same batch of load-controlled tests match Eq. 4
better. Most of the test results shown in Fig. 1 were
obtained from displacement-controlled tests, includ-
ing those by Lam et al. (2004), Candappa et al. (2001)
and Sfer et al. (2002). Based on the comparisons shown
in Fig. 1, it may be concluded that Eq. 4 provides a rea-
sonably accurate lateral strain–axial strain relationship
applicable to confined and unconfined concrete.

It is of considerable interest to note that the equiv-
alent lateral strain–axial strain responses of high
strength concrete (Fig. 1b) can be considered to be sim-
ilar to those of normal strength concrete. Indeed, for
the three tests on concrete with an unconfined strength
of 32.8 MPa, the response of one specimen deviates
from those of the other two of the same concrete
strength in a range that encompasses the difference
caused by a much higher concrete strength. This large
variability in concrete lateral strain for a given axial
strain is not surprising and has been discussed by van
Mier et al. (1986). This fact should be borne in mind
when discussing the accuracy of a model for FRP-
confined concrete in which the lateral strain–axial
strain equation is the key link between the responses
of the concrete and the FRP.

3 STRESS–STRAIN RESPONSE

Once the lateral strain–axial strain relationship is avail-
able, the axial stress–strain response of FRP-confined
concrete can be predicted without difficulty using the
same approach as adopted in existing analysis-oriented
models based on an active confinement model.The fol-
lowing axial stress–axial strain equation is used in all
five existing models based on an active confinement
model, which was originally proposed by Popovics
(1973) and used in Mander et al.’s model (1988) for
steel-confined concrete:

where σc is the axial stress of concrete, f ′∗
cc and ε∗

cc
are the peak axial stress and the corresponding axial
strain of concrete under a specific constant confining
pressure, respectively. The constant r in Eq. 5, approx-
imately accounting for the brittleness of the concrete,
is defined in Carreira & Chu (1985) as
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where Ec is the elastic modulus of concrete. To
determine f ′∗

cc , the well-known equation proposed by
Mander et al. (1988) for the axial compressive strength
of concrete with active confinement is used in other
analysis-oriented models (Mirmiran & Shahawy 1996,
Spoelstra & Monti 1999, Fam & Rizkalla 2001,
Chun & Park 2002). Mander et al.’s equation was
found to be unsuitable for use with Eqs. 5 and 6 for
accurate predictions of the stress–strain behavior of
FRP-confined concrete (Huang et al. 2004), so in
the present model, the following equations are used
for f ′∗

cc and ε∗
cc

where k1 is the confinement effectiveness coefficient.
These equations with k1 = 4.1 were originally pro-
posed by Richart et al. (1928, 1929) for actively
confined and steel confined concrete. For use in the
present model, the test results from FRP-confined
concrete can be accurately predicted using k1 = 3.5
(Huang et al. 2004). That is,

It should be noted that Eq. 9, defining the failure
surface of actively confined concrete for use in the
proposed stress–strain model, does not give the com-
pressive strength of FRP-confined concrete f ′

cc, as
the compressive strength of FRP-confined concrete
generally occurs on the descending branch of a cor-
responding stress–strain curve of actively confined
concrete (Fig. 2) and is thus generally lower than the
compressive strength of actively confined concrete
with a constant confining pressure equal to the max-
imum confining pressure reached in an FRP jacket.
The difference between f ′∗

cc and f ′
cc is shown in Fig. 2.

Indeed, the compressive strength of concrete f ′
cc with

sufficient FRP confinement, which is reached when
the FRP jacket ruptures, has been given by Lam &
Teng (2003) as

where fl is the maximum confining pressure provided
by the FRP jacket at hoop rupture, which is given by

0

0.5

1

1.5

2

0 2 4 6 8

Normalized axial strain εc/εco

N
or

m
al

iz
ed

 a
xi

al
 s

tr
es

s 
σ c

/f'
co

Unconfined

Confined by a constant pressure σl

Confined by FRP

Peak stress and strain of concrete
confined by σl

(σc, εc)

εcu

(f'*cc, ε*cc)f 'co

Figure 2. Generation of a stress–strain curve of
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Eq. 3 with the hoop strain εh being that at hoop rupture
εh,rup. Eq. 11 is thus consistent with Eq. 9.

Using Eqs. 4–6, 9 and 10, the axial stress–axial
strain and the axial stress–lateral strain curves of FRP-
confined concrete can be easily generated.The process
is incremental, and becomes iterative if the axial strain
is first specified. With the specified axial strain, the
corresponding lateral strain εl and confining pressure
σl for a given axial strain have to be found from Eqs. 3
and 4 through an iterative process. The prediction of
a stress–strain curve of FRP-confined concrete using
this procedure can be understood by examining Fig. 2.
On the other hand, if the lateral strain of confined con-
crete is specified first, the corresponding confining
pressure σl can be found from Eq. 3 and the corre-
sponding axial strain εc can be directly obtained from
Eq. 4.

For the application of the present model, it is sug-
gested that the elastic modulus of unconfined concrete
Ec = 4730

√
f ′
co, and the axial strain at the peak stress

of unconfined concrete εco = 0.0022, unless these val-
ues are available from tests. The latter is suggested by
Eurocode 2 (ENV 1992 1991) for use in analysis.

4 COMPARISON WITH TEST DATA

Figure 3 shows a comparison between the predictions
of the proposed model and the results obtained by
Xiao & Wu (2000) from tests on 152 mm × 305 mm
concrete cylinders. The concrete had an unconfined
compressive strength of 33.7 MPa at an axial strain
of 0.0026. The nine cylinders were confined by one
to three plies of CFRP. The tensile strength and the
elastic modulus of the CFRP were 1,577 MPa and
105,000 MPa respectively based on a nominal thick-
ness of 0.38 mm per ply. In obtaining the predictions
using the present model, the elastic modulus of uncon-
fined concrete was taken to be Ec = 4730

√
f ′
co (MPa)

which was also used in obtaining other results given
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Figure 3. Comparison with Xiao and Wu’s tests on
CFRP-confined specimens.

in this paper. A good agreement between the predic-
tions and the test data is observed for the stress–strain
curves. Additional comparisons with the test data of
Xiao & Wu (2000) are given in Huang et al. (2004)
where it can be seen that the proposed model does
not always predict the test results as closely as seen
in Fig. 3. Nevertheless, the overall agreement between
the predictions of the model and their test results is
satisfactory, given the known variability of concrete
behavior.

Figure 4 shows a comparison between the pre-
dictions of the proposed model and the test results
obtained by Aire et al. (2001) on 150 mm × 300 mm
concrete cylinders with an unconfined concrete
strength of 42 MPa at an axial strain of 0.0024. These
cylinders were confined with one, three, and six plies
of GFRP. The elastic modulus and tensile strength of
the GFRP were 65 GPa and 3,000 MPa respectively,
based on a nominal thickness of 0.149 mm per ply. The
lateral strains reported byAire et al. (2001) are not used
for comparison here as they appear to be unreliable,
so the axial stresses are predicted using the proposed
model from the available axial strains. It can be seen
from Figure 4 that the specimen confined by 1 ply
of GFRP has a stress–strain curve with a descending
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branch while the other specimens have bilinear ascend-
ing stress–strain curves. The proposed model provides
reasonably close predictions for the responses of all
these three specimens. The differences between the
test data and the predictions for the initial responses is
believed to be due to the use of εco = 0.0024 obtained
from the unconfined specimen which is also shown in
Figure 4. Apparent differences between the test stress–
strain curves of unconfined and confined specimens
can be seen at the initial stage of loading.

Since the present confinement model employs a
lateral–axial strain equation of confined concrete that
is independent of the type of confining material, the
model can be expected to be applicable to concrete
confined by materials other than FRP. In this sense,
the present model is a unified model for concrete
confined by different materials provided the stress–
strain response of the confining device is appropriately
modeled instead of using Eq. 3. Figure 5 shows a
comparison between the predictions of the proposed
model and the test results obtained by Xiao et al.
(1991) on 170 mm × 350 mm concrete cylinders with
unconfined concrete strength of 26.7 MPa at an axial
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strain of 0.0024. These cylinders were confined with
a steel tube with a thickness of 2.28 mm. The elastic
modulus, yield stress and tensile strength of the steel
were 220 GPa, 294 MPa, and 372 MPa, respectively.
An iterative procedure is necessary when calculat-
ing the response of the steel tube subjected to biaxial
stresses and this was realized using ABAQUS (2003)
in this study. This is due to the incremental form of
the flow theory of plasticity. The proposed model pro-
vides reasonably close predictions of the responses of
all these three specimens, especially the positions of
the yield point and the failure point, as well as the slope
of the descending branch.

5 COMPARISON WITH OTHER MODELS

Teng & Lam (2004) compared the accuracy of differ-
ent analysis-oriented models in predicting the results
of selected tests on CFRP- and GFRP-confined cylin-
ders conducted by Lam & Teng (2004). Figure 6 shows
the comparisons between the predictions of available
analysis-oriented models including the present model
with test results. Details of the specimens are also
shown in these figures. The elastic moduli and mate-
rial ultimate tensile strains of the FRPs were obtained
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from flat coupon tests according to ASTM D3039
(1995) and calculated based on the nominal thick-
nesses, which were 0.165 mm per ply for the CFRP
and 1.27 mm per ply for the GFRP. In predicting the
stress–strain curves, the elastic modulus Ec and ini-
tial Poisson’s ratio νc of unconfined concrete were
either those specified in an individual model or taken
to be Ec = 4730

√
f ′
co (MPa) and νc = 0.18 if they are

not specified in the model. The axial strain at the
compressive strength of unconfined concrete εco was
assumed a constant value of 0.002 for all models
for a fair comparison for the other models as most
of these models were developed based on this value,
despite that εco = 0.0022 is normally suggested for use
with the present model as stated earlier. The predicted
stress–strain curves terminate at the point where the
average FRP hoop rupture strains from the tests are
reached. For the CFRP-confined concrete cylinders
(Fig. 6a), the models of Spoelstra & Monti (1999),
Fam & Rizkalla (2001), Chun & Park (2002) and the
present model perform well and are superior to other
models. However, for the GFRP-confined concrete
cylinders (Fig. 6b), only the present model provides
close predictions.

6 CONCLUSIONS

This paper has presented a new analysis-oriented
stress–strain model for FRP-confined concrete in
which the responses of the concrete and the FRP jacket
as well as their interaction are explicitly considered.
The key new feature of this model is a more accurate
and widely applicable lateral strain equation based on
careful interpretations of test results of unconfined,
actively confined and FRP-confined concrete. In addi-
tion, a new failure surface is defined for use in the
active confinement model employed in the proposed
model based on test results of FRP-confined concrete.
Independent test data were compared with predictions
of the proposed model to demonstrate its accuracy.The
advantages of the present model over existing analysis-
oriented models include both simplicity and accuracy.
It should be noted that although the focus of the
paper has been on the stress–strain behavior of normal
strength concrete confined with FRP, the proposed lat-
eral strain equation is likely to be applicable to concrete
of different strengths including high strength con-
crete. This equation therefore provides a starting point
for the modeling of FRP-confined high-strength con-
crete. Furthermore, as the present confinement model
employs a lateral-axial strain equation of confined
concrete that is independent of the type of confining
material, the model can be expected to be applica-
ble to concrete confined by materials other than FRP.
In this sense, the present model is a unified model
for concrete confined by different materials (e.g. a
material with a nonlinear stress–strain curve) provided
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the stress–strain response of the confining device is
appropriately accounted for. The success of the model
in predicting steel tube-confined concrete has been
demonstrated in the paper.
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Strengthening of RC elements using CFRP: the French studies
and the main results

J.-L. Clément
Laboratoire central des Ponts et Chaussées, Paris, France

ABSTRACT: A French institutional research program began in 2000 about the reinforcement and the strength-
ening of RC elements using CFRP. Today, at the end of this program, the main topics and the main results lead
us to some conclusions, which will be presented here. The main topics are first the retrofitting of cylindrical
concrete samples, under static and creep loading, then the fatigue behavior of small pre cracked RC beams with
or without CFRP, RC prism subjected to localized loading, and finally the strengthening of RC columns loaded
in composed flexion. Some of these results are now in French recommendations, which will be published in the
beginning of 2004. Furthermore, we try now to answer to some questions, as for example the bond length between
concrete and CFRP, using comparative tests and modeling. These different sections will be briefly presented in
this paper.

1 RESEARCH PROGRAM

1.1 Presentation

At the LCPC. (Laboratoire Central des Ponts et
Chaussées, France), which depends directly of the
French Research Minister and the French Transporta-
tion Minister, the research is defined as projects of 4
or 5 years. In 2000, we had to write a general research
program about the repairing and the strengthening of
RC structures using CFRP. Today, it is the end of
this first program and the main topics, results, and
interrogations will be presented here.

1.2 Main topics

Some international rules or recommendations are
existing, but nothing in France at the beginning of
these studies even if some studies was soon performed
(Varastehpour et al, 1997 & Ferrier et al, 1999). The
main objective was to publish some recommenda-
tions, in collaboration with a task group of the AFGC,
the French Association of Civil Engineering (AFGC
2003), which is directed by Pr. Hamelin.

So we decided to work on the retrofitting of concrete
samples, under static and long term loading, in order
to define a confinement model in simple cases.

We studied the fatigue behavior of pre cracked RC
beams too, in order to be able to qualify the mechanical
durability of CFRP when it is not possible to inject
some resin into cracks and to define a design value of
strength in the FRP.

We performed also some static tests on RC prism,
strengthened or not, submitted to localized loading.
The objective is to test some CFRP strengthened
element in particular case as the end of bridge piles.

And we have just finish at the end of 2003 an exper-
imental test campaign of buckling RC columns, with
an initial eccentricity. In that case, two reinforcements
and two concretes were chosen, with composites plates
and/or carbon fabrics.The objective is to defined some
design rules and a lot of time is now necessary to define
these rules. Furthermore, some particular results will
be presented.

2 RETROFITTING

2.1 Retrofitting of concrete cylinder

A lot of international studies and results are exist-
ing soon. In our case, we have performed some
compressive tests of concrete cylinders of 16 cm of
diameter and 32 cm height. The FRP used is the TFC
of Freyssinet international, which is a 2D dry fabric.
An example of sample during a test is shown on the
Figure 1.

We obtain classical results in term of axial compres-
sive stress versus longitudinal strain and transversal
strain, which are shown on the Figure 2.

The particularity of this study is that we have
performed some tests on aged concrete specimen.
In fact, some 16 × 100 specimen were realized then
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strengthened in order to applied some long term load-
ing. After two years of creep loading, these samples
were cut then tested using our MFL press of 5000 kN of
capacity.

Figure 1. 16 × 32 retrofitted concrete sample during test.
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Figure 2. Axial compressive stress versus longitudinal and
transversal strains in the case of 28 days loading and two
years loading.

So we have now some results on samples after two
years of aging, when the concrete and the FRP were at
20◦C and 50% of relative humidity.

The results are shown on the Figure 2, too.
In the case of 28 days loading, the increasing of

strength is about 80%.
For the old samples, the increasing is reduced

to 20%.
In both cases, the tensile failure is obtained for the

CFRP in tension.
These results show us that we have to be very careful

on the models which can be developed in laboratory
after 28 days tests: in reality, we have to strength some
elements which can be aged, and the increasing of
strength seems to be reduced. Of course, we are writing
a model based of the Mirmiran approach, and it seems
necessary to take into account the age of concrete dur-
ing the design of FRP reinforcement. Of course, this
study has to be completed (Verok et al, 2002).

2.2 Creep loading of retrofitted cylinders

In parallel with these retrofitting tests, we loaded dur-
ing two years some 16 × 100 concrete samples with or

Figure 3. Strengthened concrete samples and reference
concrete sample under creep loading (20◦C, 50% RH).
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without CFRP with constants loads (see Figure 3). All
the concrete samples were tested in one of our climatic
room: the temperature is equal to 20◦C ± 1◦C and the
relative humidity is of 50% ± 5%.

The capacity of our creep frames, of 800 kN, enables
us to load concrete sample up to 40 MPa, which is
corresponding to 30% of VHPC concrete C120.

The creep loading value was chosen in order to ver-
ify that the axial compressive stress was equal first
to 30% of the characteristic compressive stress of the
concrete, what is classically used for creep tests on
concrete.

When we do not see any difference between the
specimens, we decided to increase the load up to 60%
of the characteristic stress of the concrete.

The results we have obtained are shown on the
Figure 4, in term of total creep compliance. In all
cases, the creep compliance functions are the same.
The explanation is that the transversal strain due to the
applied compressive stress is not sufficient to induce
tension in the FRP, for both the levels of stress. In that
case, these results are related to the retrofitting ones,
when the confinement effect is begin only when the
axial stress leads approximately to the plain concrete
ultimate stress.

The consequence in term of retrofitting of real RC
columns is, as the concrete in place has soon be sub-
jected to dead loads, that the long term creep strain
will be very small. So it is not possible to use FRP to
strength RC columns against creep effects.

The other consequence is that we cannot take into
account a confinement effect in the case of services
loading.

But what is to be noted is that we have no risk of
creep strain and/or failure of the resin because of the
lower level of transverse loading. Some studies have
shown that the behavior of resin changes with the stress
when it is greater than 20 MPa for our resins.

These two studies have so some consequences
in term of mechanical durability, and in term of
design too.
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for all the performed tests.

3 FATIGUE

3.1 Tests campaign

Some tests was soon performed by Shahawy (Shahawy
et al, 1998) and by Barnes (Barnes, 1999) in order to
study the mechanical behaviour of RC strengthened
beams subjected to fatigue loading, but without initial
cracking before strengthening.

In the present study, 12 RC beams (15 × 20 × 70 cm)
reinforced with HA8 are used. Only 6 beams rein-
forced with steel bar HA8, which have been realized
under the fatigue test, are presented in this paper. We
stuck one gauge on one reinforcement bar at the mid-
dle of each beam. The test was realized under 3 points
bending experiment (Figure 5). Before fatigue test, all
specimens were loaded until the summation of two
cracks, which were located at two positions of stirrups
near the middle of beams, arrived at 0.7 mm.This load-
ing is called F0.7.At this moment, the Max tensile stress
arrived at about 350 Mpa (service state). During the
fatigue test, we measured the force, the deflection, the
strain in the reinforcement bar at the middle of beams
and the widths of the two cracks for specimens without
carbon cloth. For those strengthened by carbon cloth,
besides preceding 5 values, we measured 3 strains on
the lower carbon cloth, located at the positions of two
cracks and at the middle of beam respectively.

Some RC beams were strengthened by TFC fabrics
longitudinally and laterally (Wu et al, 2002).

The procedure of fatigue test is the following: first
of all, a ramp until the average of Fmax and Fmin;
and then, the fatigue load was applied until the rup-
ture of specimens or until the end of certain cycles,
for example one million cycles. During the proce-
dure of ramp, of the first cycle and the last cycle
of fatigue load, we measured the preceding 5 or 8
values all of 0.5 kN; for the middle procedure, we
measured only the values at peaks and at valleys at

Figure 5. Three points bending fatigue test (reinforced with
carbon cloth).
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certain interval of cycles. The fatigue test was piloted
with load.

3.2 Tests results

The main results for the RC pre cracked beams are
written in Table 1, and those for the FRP strengthened
RC beams in Table 2.

The main objective of this study is reached: the com-
parison between the case No 12, 13 and 8 permit us
to conclude that in the case in service loading, the use
of CFRP enables to prevent fatigue failure of steel.
In that case, even if there is no resin in the crack, we
have no problem of localized failure at the junction
crack-fabrics. The external bonding of carbon cloth to
initially crack-damaged RC structures is an effective
method to restore the structural strength and ultimate
fatigue life. Some of load transits by the FRP and the
steel stress is lower. The fatigue failure of beams rein-
forced with carbon cloth is not a brutal failure: the
steel bars are broken, but the specimen do not fail.
The failure of strengthened beams is always a shear
failure, with the de bonding of lateral FRP and the
crushing of concrete between the longitudinal FPR and
longitudinal steel bars.

The level of load in the CFRP do not be greater to
45 to 50% of his ultimate load capacity, in order to
prevent fatigue failure.

But some questions are now to be solve: when the
strengthening of a bridge is decided, is it necessary to
stop the traffic? To solve this problem, we are thinking
now to perform some tests of fatigue with FRP glued
on the beams during fatigue loading.

Table 1. Results of tests for samples without carbon cloth.

Cycles
F0.7 Fmin Fmax number

No (kN) (kN) (kN) at failure

12 54 40% F0.7 = 21.6 100% F0.7 = 54 511000
13 52 40% F0.7 = 20.8 100% F0.7 = 52 528000
21 57 5% F0.7 = 2.85 100% F0.7 = 57 128997

Table 2. Results of tests for samples with carbon cloth.

Cycles
F0.7 Fmin Fmax number

No (kN) (kN) (kN) at failure

8 53 40% F0.7 = 21.2 100% F0.7 = 53 >2000000
16 54 60% F0.7 = 32.7 150% F0.7 = 81.6 266037
23 58 20% F0.7 = 13 112% F0.7 = 65 1040582

(stop)
24 58 12% F0.7 = 7 120% F0.7 = 70 371571

4 COLUMNS

4.1 Test campaign and objectives

Some studies on RC columns have shown that it is
very difficult to be sure of the boundary conditions
when compressive tests are carried out. Then, because
of the reality, some columns of different levels of a
building are not exactly superposed, because of the
precision of implantation. Some columns belong to
frame, and the loading is not always a central com-
pression. For all these reasons, we have decided to
realize some tests on RC columns 20 × 20, in com-
bined flexure-compression-loading (Figure 6) In that
case, we are sure of the deflection direction and it is

Figure 6. Strengthened RC column test equipment.
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possible to limit the data acquisition by placing some
strain gauges and transducers exactly where they are
necessary.

The objective is to use some products, carbon
fabrics and carbon plates, in order to define the prin-
ciples of design rules. We are only at the end of the
experimental study, where all tests were realized two
times, with two concretes, two steel longitudinal and
transversal reinforcements, and four industrial pro-
cesses (Freyssinet International, Vinci-Construction,
SIKA and VSL-Intrafor).

4.2 Some partial results

The test campaign was ended at the beginning of 2004.
So we have only the experimental results without a
complete interpretation (Quiertant et al, 2004).

Furthermore, some conclusions can be discussed
now. First of all, the RC columns reinforced by 4 steel
bars of diameter 16 mm and steel stirrups of diameter
8 mm, with a spacing lower than 200 mm, and which
are reinforced using CFRP, show an increasing of the
ultimate load and a great ductility. These conclusions
depends of course of the type of FRP used. But in that
case, the ultimate load is more or less of the order of
value. It seems possible to take into account the lon-
gitudinal reinforcement in order to describe correctly
the service behavior of the columns.

The results are quite different in the case of normal
concrete strengthened RC columns. The longitudinal
reinforcement is composed of 4 steel bars of diameter
12 mm, and the diameter of the stirrups is of 6 mm.
In this case, the spacing is about 350 mm. The results
for the RC columns of reference, without CFRP, are
quite disperses. It means that probably the non homo-
geneity of the concrete is in that case predominant.
For the first series of test, because of the high level
of the reinforcement ratio, this effect is not important
and the reference results are quite closed. The fail-
ure is always tensile failure of the CFRP, and appears
by local buckling of a longitudinal steel bar between
two stirrups. Consequently, it is the ultimate strain
of the CFRP which leads to the registered failure
values.

4.3 Design consequences

The principle of these tests are very clear, but the
calculation is quite difficult. Because of the initial
eccentricity of the load, the section is in flexion and
all the concrete fibers are in compression. When the
deflection becomes important, a part of the section is
in tension. So it is not correct to take into account all
the surface of the column to the calculation of the con-
finement. This problem is complex too because of the
shape of this section.

5 CONCLUSION

This first French research program is now closed.
The main results are taken into account in the French
recommendations for the use of CFRP strengthening
products:

• the study about retrofitting enables us to show the
great influence of the inside strength of concrete,
tested after 28 days or after a few months. All the
existing models are based on 28 days tests, and some
of them need to be adapted to old concrete,

• the main result of the creep study is that it is not
available to take into account the CFRP to increase
the stiffness of concrete specimen under service
loading,

• in the case of fatigue loading applied to cracked
beams strengthened using CFRP, the fatigue
behaviour is really increased under service loading,
and there is, in our cases, any risk of brutal failure
if the stress level in the CFRP is lower than 40 to
50 percent of the ultimate strength of the compos-
ite. The security coefficient applied in the French
recommendations are so justified.

• If CFRP is used to strength reinforced con-
crete columns, subjected to combined flexure-
compression loading, the first results show the
great accuracy of the CFRP, when the longi-
tudinal and transversal metallic reinforcements
soon exist. When the spacing of the stirrups are
important, by buckling of bars leads to CFRP
local failure in tension: the rules are now to be
developed.

A second research program will begin in 2005, in
order to study the bond behaviour of CFRP glued on
concrete surface, with different tests, the effects of
age and environment on the mechanical properties of
strengthened elements, and the reinforcement of pre-
cracked elements when the loading is applied when the
strengthening is realized. These studies will permit us
to complete and/or develop rules.
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ABSTRACT: This paper reports on an experimental investigation that was carried out at the University of
Sheffield to investigate the bond properties of FRP bars in concrete. Ten different types of rebars were tested.
The rebars were supplied by six different manufacturers and varied in type of fibre, type of resin, diameter
and surface treatment. Three specimens of each type of bar were tested in pull-out and splitting. As reference
samples, tests on standard hi-grade deformed steel bars were also performed. The findings of this investigation
are presented and discussed with a focus on assessing the merits of simple tests for material characterization.

1 INTRODUCTION

In recent years, various types of Fiber Reinforced Poly-
mer (FRP) reinforcements have been developed for
use as embedded or external reinforcement for con-
crete, and their use in the construction industry is still
growing at an exponential rate. The adoption of these
new types of reinforcements, however, requires the
development of product specifications, testing stan-
dards and codes of practice that can not be derived by
simply modifying and adapting existing parameters for
the design and use of steel RC structures. The current
know-how needs to be reevaluated and verified against
the new materials.

While standards for the determination of the
mechanical characteristics of advanced composites
exist in the aerospace field, these standards do not
cover their use for concrete, an issue that must be
addressed in order to clarify the advantages as well as
the economics of the use of these advanced materials
as an alternative to conventional steel reinforcement.

Bond between concrete and FRP reinforcing bars
is a fundamental aspect of the composite action of
FRP reinforced concrete, and accordingly, needs to be
adequately understood before FRP materials can be
accepted widely in the construction industry.

As a step in the direction of increasing current
knowledge of the bond properties of FRP bars and
bond performance in concrete elements, an interna-
tional round robin test (iRRT 2002) programme was
designed with the following objectives:

1. To assist the various international committees work-
ing in the field of standardization to assess the

merits of simple tests for material characterization
and comparisons.

2. To enable the comparisons of results between dif-
ferent laboratories.

3. To enable simple comparisons between the prop-
erties of the different materials that have been
tested.

Other indirect benefits that will result from this exer-
cise are an increased familiarization with the range
of FRP products available in the global market and
a heightened awareness of the international efforts
aimed towards the development of design guidelines
and standardized tests to ensure reliable and replicable
research.

The general organization of the iRRT was under-
taken by the “ConFibreCrete” research network (1997)
working together with the fib TG 9.3 (International
Federation of Concrete 1995) and ISIS Canada (Intel-
ligent Sensing for Innovative Structures 1998).

This paper describes the methodology that was used
to carry out this series of tests and discusses the mer-
its of simple tests for material characterization. The
results of the experimental programme that was carried
out at the University of Sheffield are also presented and
commented upon.

2 EXPERIMENTAL PROGRAMME

Two simple tests were carried out on ten different
types of FRP rebars with the objective of examining
their properties in bond pull-out and splitting. Three
specimens of each type of bar were tested in pull-
out and three additional specimens in splitting (only
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two specimens of Re-bar Chile S.A. were tested). For
the purpose of comparison, the same tests were also
performed on standard hi-grade deformed steel bars
(British Standard Institution 1997).

In the case of the pull-out test, it was intended that
no concrete splitting would occur and this test was
considered to simulate the bond strength in confined
conditions. The splitting test was designed to give a
representative measure of the bond strength that could
be obtained in bars near the surface of a concrete
element.

2.1 Concrete properties

The strength of the concrete used to prepare the spec-
imens for both the pull-out and splitting tests needed
to be high enough not to affect the bond strength sig-
nificantly. For this reason, a target concrete cylinder
strength of 40 MPa was selected. A ready mixed con-
crete, which was obtained from a local supplier, was
used for the experiments. The specifications of the
mix were: 14 mm maximum aggregate size and cement
type OPC/PFA with a slump of less than 50 mm. The
compressive strength of the concrete was evaluated by
testing 12 control cylinders (150 × 300 mm), which

Figure 1. FRP bars tested in the iRRT. From left to right:
(a) GFRP rebar (Chile S.A.); (b) #3 C-BAR Carbon and (c)
#3 C-BAR Glass (Marshall Industries Composites Inc.); (d)
ISOROD-Glass (Pultrall, Inc.); (e) GFRP rebar (Eurocrete
Ltd.); (f) #2 GFRP, (g) #3 GFRP and (h) #5 GFRP bars
(Hughes Brothers); (i) Carbopree and (j)Arapree (Sireg Spa).

Table 1. Mechanical characteristics of FRP bars.

Bar Manufacturer Type φ (mm) fu (MPa) E (GPa) Surface finish

SIR-A Sireg Spa Aramid 10 1350 60 PP
SIR-C Sireg Spa Carbon 10 2800 130 SC (fine)
HB-G2 Hughes Brothers Glass 6.35 760 40.8 SC + HW
HB-G3 Hughes Brothers Glass 9.53 690 40.8 SC + HW
HB-G5 Hughes Brothers Glass 15.8 620 40.8 SC + HW
PUL-G Pultrall Inc Glass 9.5 689 42 SC (coarse)
CBAR-C Marshall Industries Carbon 10.3 1724 114 R (smooth)
CBAR-G Marshall Industries Glass 9.8 758 41 R (smooth)
EUR-G Eurocrete Ltd Glass 8 × 8∗ 900 45 PP
ReB-G Re-Bars Chile S.A. Glass 10 517–1207 41–55 R
S-12 Steel 12 R

PP = Peel ply; SC = Sand coated; HW = Helical wrap; R = Ribbed; ∗ = square cross section.

were cast at the same time and cured under the same
conditions as the test specimens. An average cylinder
compressive strength of 39.3 MPa was recorded for
the control cylinders during the actual days of pull-out
and splitting testing. The size of the concrete speci-
mens (see §3.1 below) was selected in order to avoid
splitting of the concrete in the case of bars with large
diameters, based on the findings of similar experimen-
tal programmes (Achillides et al. 2004, International
Federation of Concrete 2000).

2.2 FRP bars

The different types of bars that were tested during
this research project were supplied by six different
manufacturers, and varied in terms of their diameter,
surface treatment and the type of fibre and resin that
formed the composite. The types of surface treatment
examined were of various natures including surface
deformations resembling conventional deformed steel
bars, sand coated finishes, spirally wound fibre tows
to impress deformations, and combinations of thereof.
All three principal fibre groups most widely used
for the manufacture of commercial products (carbon,
aramid and glass fibres) were represented within the
sample specimens. The tested bars are shown in Fig-
ure 1, and their mechanical and physical properties are
presented in Table 1.

3 PULL-OUT TEST

3.1 Specimen preparation and test set-up

Specimens for the pull-out tests were manufactured
according to Figure 2. The 200 mm concrete cubes
were cast with a 400 mm long FRP bar placed ver-
tically along the central axis. An embedment length
of 5 φ (five diameters) was chosen so that: (1) the
embedment length would be short enough to avoid
the development of high stresses in the bars, thereby
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eliminating the need for special devices to grip the bar
during testing, and (2) the embedment length would
be long enough to be representative of the bar surface
deformations. Several layers of plastic sheet treated
with de-moulding agent were wrapped around a por-
tion of the bar to create the required non-contact area
between bar and concrete. The bar was positioned
within the concrete cube so not to project outward
from the face of the concrete cube to avoid the wedg-
ing effect of un-bonded FRP entering the concrete
(Achillides et al. 2004).

Figure 3 illustrates schematically the configuration
used for the tests carried out in this experimental pro-
gramme. The specimens were placed in a steel frame
that was specifically made to fit a standard tensile
testing machine. The steel rig comprised two 25 mm

Figure 2. Details of the positioning of the bar in the con-
crete cube.

Figure 3. Loading frame for pull-out and splitting test.

thick plates connected by four 20 mm diameter bolts.
The bottom plate had a 30 mm diameter hole in its
centre to allow for the FRP bar to run through, and
three additional holes were positioned in a triangular
configuration around the central hole to allow for dis-
placement measurements of the loaded end of the bar
relative to the concrete cube surface (Figures 3 and 4).

The slip of the unloaded end of the bar was also
measured during the tests. The stiffness of the reaction
plate was designed in order to eliminate any undesired
deformation. In addition, a 5 mm thick wooden sheet
was placed between the reaction area of the concrete
and the test rig to ensure the development of a uniform
contact pressure.

The load was applied to the bar in deflection con-
trol to capture the full development of the post peak
behaviour. The tests were halted when displacement
measurements greater than 8 mm were recorded for
the loaded end.

3.2 Data collection and representation

Displacement transducers were used to monitor the
development of the loaded-end slip and the unloaded-
end slip. The unloaded-end slip was measured by a
single transducer, whereas the loaded-end slip was
measured via three displacement transducers, posi-
tioned at 120-degree intervals at a distance of 50 mm
from the centre of the rebar, to account for bending
(Figure 4).

The distance between the frame supporting the
LVDTs and the beginning of the embedded part of
the bar (la in Figure 3) was measured at the beginning
of each test in order to determine the elastic exten-
sion of the bar that needed to be subtracted from the
measurements of the loaded-end slip.

For this purpose, the elastic characteristics of the
bar, as supplied by the various manufacturers, were
adopted (Table 1).

Based on the data obtained during testing, average
bond stress, τav, and average slip, δav, were calculated
according to Eqs. (1) and (2) respectively.

Figure 4. Positioning of LVDTs at the top face of the cube.
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where P is the applied pull-out load (kN); lbt is the true
bonded length calculated at each increment of load
(mm) – i.e. the initial bonded length minus the end
slip – and φ is the nominal diameter of the bar (mm).

where n is the number of LVDTs used to measure the
slip of the loaded-end (3); δi (mm) is the displacement
measured by the ith LVDT and 	l (mm) is the elon-
gation of the bar between the frame supporting the
LVDTs and the beginning of the embedded part of the
bar (la in Figure 3).

3.3 Experimental results

The results obtained from the pull-out tests are shown
in Table 2 in terms of average maximum pullout
load, Pu; average maximum slip of the loaded-end at
peak load, δLpeak ; and average maximum bond stress,
τpull-out max.

Figure 5 illustrates the average maximum pull-out
bond stress for the tested bars. The dashed line shown

Table 2. Summary of the results of the pull-out tests.

Pu δLpeak τpull-out max
Bar (kN) (mm) (MPa)

SIR-A 15.73 ± 2.42 0.64 ± 0.04 10.01 ± 1.54
SIR-C 21.23 ± 0.75 0.30 ± 0.05 13.70 ± 0.48
HB-G2 10.15 ± 1.55 1.13 ± 0.13 16.03 ± 2.45
HB-G3 23.45 ± 1.01 0.87 ± 0.10 16.44 ± 0.71
HB-G5 55.74 ± 7.23 3.29 ± 0.96 14.04 ± 1.82
PUL-G 59.16 ± 1.37 0.84 ± 1.09 9.24 ± 0.66
CBAR-C 16.53 ± 1.12 1.17 ± 0.24 16.93 ± 0.67
CBAR-G 33.52 ± 1.31 1.19 ± 0.07 21.30 ± 0.87
EUR-G 28.21 ± 4.22 0.70 ± 0.11 9.24 ± 0.66
ReB-G 32.13 ± 1.50 2.29 ± 1.46 10.53 ± 0.95
S-12 34.27 ± 2.95 1.23 ± 0.28 15.15 ± 1.31
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Figure 5. Maximum average pull-out bond stress.

in the figure represents the average value of the pull-
out bond stress recorded for the steel bar specimens.
A pull-through mode of bond failure was observed
for all of the tested specimens. As expected, due to
the selected geometry of the specimens and concrete
strength, no splitting cracks developed throughout the
tests.

Bond failure of all of the tested bars occurred on
the bar surface, and hence, its development was sub-
stantially controlled by the shear strength between the
resin and the fibres (see for example Figure 6).

Typical average bond stress versus slip relationships
for some of the tested bars are shown in Figure 7 and
Figure 8. In all of the experiments, slip of the loaded-
end started at a very early stage of loading. This can be
attributed to the loss of chemical bond between the sur-
face of the bar and the concrete in the area surrounding
the loaded-end. The bond resisting mechanism in this
first stage of loading is the result of a combination of
chemical adhesion and the mechanical interlocking of
the bar deformations within the concrete (International
Federation of Concrete 2000). With the progressive

Figure 6. Specimens PUL-G (top) and ReB-G (bottom)
after pull-out.
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Figure 7. Pull-out test of a Carbopree (SIR-C) specimen.
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failure of the chemical bond along the length of the
embedded portion of the bar, and the degradation of the
mechanical interlock, slip of the loaded-end increases
more rapidly.

Conversely, slip of the unloaded-end appears to be
negligible up to the point when the damage between
the concrete and the surface of the bar has affected
the whole embedment length (see for example Fig-
ure 7). This phenomenon always occurs soon after the
maximum average bond stress is attained.
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Figure 8. Average bond vs. slip of the loaded-end behaviour
for Hughes Brothers GFRP bars.
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Figure 9. Example of the evaluation of the energy per unit
of bonded surface performed on one of the Arapree (SIR-A)
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In an attempt to establish an objective way of
determining the quality of the bond developed by the
different bars, the energy that needs to be applied to
the system to develop a displacement of the loaded-
end (A′) corresponding to the initial slipping of the
unloaded-end (A) (Energy α – area under the curve
OA′ in Figure 9) was determined along with that nec-
essary to develop a displacement of the loadedend (B′)
corresponding to a slip of 0.3 mm at the unloaded-
end (B) (Energy ω – area under the curve OA′B′ in
Figure 9). A slip value of 0.3 mm for the the unloaded-
end was arbitrarily chosen as a limit value that can
be related to serviceability limit states at the structural
level. Figure 10 shows the average values of energy per
unit of bonded surface, Eubs, calculated as described
above. The energy that was dissipated to generate a
0.3 mm displacement of the unloaded end (Energy δ –
area under the curve OAB in Figure 9) is also shown.
As it can be observed, in the majority of the specimens,
the additional energy that was needed to generate a dis-
placement of the loaded-end from A′ to B′ (ω–α) was
greater than the energy that was dissipated during the
progression of the failure (δ).

This is an indication that residual frictional forces
are still acting along the remaining embedded length
of the bar.

4 SPLITTING TEST

4.1 Specimen preparation and test set-up

Specimens for the splitting test were prepared accord-
ing to the specifications illustrated in Figure 11. The
concrete prisms measured 200 mm in length, 100 mm
in width and their depth, which was determined as a
function of the diameter, φ, of the rod, measured 5φ.

In this series of tests, the FRP bars were placed
vertically with a cover of 2φ and embedded for the
entire depth of the concrete prisms.

In addition to the measurements taken for the pull-
out test, the crack that developed on the outer surface
of the concrete due to splitting stresses was monitored
(Figure 12).

Figure 11. Positioning of the FRP bar for the split test.
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Figure 12. Positioning of gauge for the measuring of the
splitting strain.

Table 3. Summary of the results of the splitting tests.

Pu τsplitting max Failure
Bar (kN) (MPa) mode

SIR-A 7.67 ± 1.72 4.87 ± 1.12 TCCD
SIR-C 8.63 ± 1.42 5.50 ± 0.87 TCCD
HB-G2 2.07 ± 0.55 3.27 ± 0.81 TCF
HB-G3 6.37 ± 2.58 4.47 ± 1.86 TCF
HB-G5 17.37 ± 2.00 4.40 ± 0.50 TCF
PUL-G 7.23 ± 1.40 5.10 ± 0.95 TCF
CBAR-C 5.80 ± 1.61 3.50 ± 0.95 PCF
CBAR-G 6.47 ± 2.81 4.30 ± 1.91 PCF
EUR-G 4.20 ± 0.82 3.30 ± 0.66 TCCD
ReB-G 8.05 ± 0.07 5.15 ± 0.07 TCF
S-12 9.40 ± 2.70 4.17 ± 1.16 PCF

TCCD =Tiny concrete crack development; TCF = total con-
crete failure; PCF = partial concrete failure.

4.2 Experimental results

The results obtained from the splitting tests are shown
in Table 3 in terms of average maximum splitting load,
Pu; and average maximum bond stress, τmax. The typ-
ical mode of failure that was observed for the tested
specimens is also reported.

Since the data recorded for the slip of the loaded-end
and the maximum crack width were highly variable,
these measurements are not reported in the table sum-
marizing the results. The high coefficient of variation
within the measurements of the loaded-end slip can
be attributed mainly to the particular configuration of
LVDTs that was used for the splitting tests. Due to the
geometry of the specimen and of the LVDT mounting
rig, only two transducers, placed symmetrically about
the axis of the bar, were used in this phase of the experi-
mental programme to measure the loaded-end slip.The
effect of bending due to the eccentric placement of the
bar within the concrete specimen, however, was found
to be more influential than expected.

The variability within the crack width measure-
ments can be partly attributed to the variability of the
concrete itself, as well as the complexity of adequately
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Figure 13. Average bond splitting strength for the
tested bars.

Figure 14. Crack patterns for some of the tested specimens.

monitoring the crack development with the adopted
instrumentation set-up.

Figure 13 shows the average maximum splitting
bond stress for the tested bars. The dashed line rep-
resents the average maximum value of the bond stress
developed by the steel rebars.

Failure of all of the split tested specimens occurred
within the concrete volume, and hence, was mainly
governed by the tensile strength of the concrete.

The crack patterns observed varied considerably
within the whole set of tested specimens as well as
within each group of bars (Figure 14). A more detailed
examination of the crack growth (Figures 15 to 17),
however, enabled the identification of three main types
of crack development: (i) instant cracks; (ii) sliding
cracks; and (iii) multiple cracks. Instant cracks (Fig-
ure 15) generally developed when high bond stresses
were generated along the embedded part of the bar.
Slip of the unloaded-end took place as a result of the
opening of the crack and the specimen failed in a brittle
manner. Sliding cracks (Figure 16) were observed in
specimens in which the average bond stresses gener-
ated along the embedded length of the bar were of
medium intensity. In these cases, the crack started
developing just before the maximum average bond
stress was attained. The slip of the unloaded-end only

348



Displacement (mm)
0 1 2 3 4 5

A
ve

ra
ge

 B
on

d 
St

re
ss

 (
M

Pa
)

0

1

2

3

4

5

6

crack width
unloaded-end slip

Figure 15. Splitting test of one of the ReB-G specimens
with the development of an instant crack.
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Figure 16. Splitting test for one of the CBAR-C specimens
with the development of a sliding crack.
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Figure 17. Splitting test of one of the CBAR-G specimens
with the development of a multiple crack.

occurred at a later stage, together with a conspicuous
increase in the width of the splitting crack. The multi-
ple crack type (Figure 17) refers to specimens in which
more than one crack developed before failure. In these
cases, initiation of the first crack was accompanied by
a drop in the average bond stress, but did not induce
slipping of the bar. After this initial drop in the load
applied to the system, bond stresses increased further,
but generally only up to a level that was lower than that
developed for instant and sliding crack types.

5 DISCUSSION AND CONCLUSIONS

Two types of tests were undertaken to investigate
the bond properties of FRP bars embedded in con-
crete in both confined and un-confined conditions.
Pull-out and splitting tests were conducted to gain a
better understanding of FRP-concrete interaction and
with the aim of assessing the merits of simple tests
for material characterization. In light of the results
obtained from the experimental work presented here,
some issues on the reliability of small scale testing are
presented and commented upon.

The pull-out tests conducted in the first phase of the
programme seemed to yield consistent results both in
terms of pull-out bond stress versus slip behaviour and
the type of failure. The average coefficient of variation
(CV) for the recorded maximum pull-out load values
was of about 8%, with maximum CV values slightly
over 15%. The higher average CV for the displace-
ment measurements (25%) appears to be the result of
various problems that were encountered during testing
(e.g. malfunctioning of instrumentation). If question-
able tests results were disregarded, the typical CV for
displacement measurements would be under 15%.

The data obtained from the splitting tests, how-
ever, were markedly variable and it is unlikely that
similar results could be obtained through subsequent
testing using the same approach and specifications.
The average CV for the recorded maximum pull-out
load values was about 23%, with maximum values over
40%. The reasons for the high variability within the
experimental results seemed to lie not only in the par-
ticular test arrangement that was selected but also in
the high variability of the tensile behaviour of concrete.
Whilst the natural variability of concrete is a factor
that is difficult to account for, and is one of the fun-
damental aspects underlying the splitting behaviour
of embedded bars, the arrangement of the instru-
mentation can be adjusted to eliminate measurement
problems caused by the non-symmetrical geometry of
the specimens. For example, an arrangement of LVDTs
similar to that used in the pullout tests (e.g. 3 LVDTs
evenly spaced around the bar) would be preferable to
measure the displacement of the loaded-end.

A longer gauge length for the measurement of split-
ting cracks should also be adopted to enable adequate
monitoring of the various types of crack patterns that
can develop due to splitting stresses.

Despite the problems encountered during testing,
the test results can still be interpreted at a structural
level, providing important insights into the overall
bond behaviour of composite rebars.

The results obtained for both the pull-out and split-
ting tests confirm the complex nature of the interaction
between concrete and FRP bars. Unlike conventional
steel bars, which are highly standardised in terms of
their material properties and surface finishes, FRP bars
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can differ not only in the type of constitutive materials
but also in the type of surface finish and manufac-
turing process. All of these parameters are known to
affect the bond behaviour of FRP rebars embedded in
concrete (International Federation of Concrete 2000).
The individual influence of each of these parameters,
however, is not easily discernable from the experimen-
tal tests carried out as part of the research programme
presented here. Targeted studies looking at the varia-
tion of bond behaviour in relation to a more restricted
set of variables would perhaps yield results that could
be more easily interpreted.

Nonetheless, the following conclusions can still be
drawn:

– Provided that a good confinement of the bar is
ensured, pull through type of failure of FRP bars is
always achieved and no apparent cracking develops
on the outer surface of the concrete specimens.

– Bars with smaller diameter develop higher aver-
age maximum bond stresses than similar bars with
larger diameters.

– The bond strength developed by the bars appears
to be greatly influenced by the type of surface
treatment on the embedded bars. Sand coated bars
exhibited higher average maximum bond strength
than rebars with peel ply or ribbed finishes. On aver-
age the pull-out strength of FRP bars is similar to
that of steel bars with some bars being better and
other worse.

– Due to the eccentric arrangement of the bar within
the concrete specimen, and the resulting small con-
crete cover, the development of stresses perpendic-
ular to the surface of the bar becomes critical to the
development of the crack pattern as well as the over-
all distribution of bond stresses. The distribution of
radial stresses, or splitting stresses, depends upon
bar size, surface treatment and concrete cover (i.e.
confinement effect). These attributes are expected
to affect mainly the behaviour of bars with pro-
truded deformations, owing to the development of
interlocking mechanisms between the bar deforma-
tions and surrounding concrete. Figure 18 shows a
comparison between the different bars in terms of
maximum average bond stress in unconfined (split-
ting) conditions. As can be seen from the figure, in
un-confined situations, the recorded values of max-
imum average bond stresses were up to 80% lower
than those recorded for the same bars in confined
conditions.

Other phenomena such as small concrete cover in com-
parison to the maximum aggregate size of the concrete
(HB-G2) and stiffness of bar deformations also affect
the overall bond and cracking behaviour.
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ABSTRACT: The strengthening of concrete structures by means of externally-bonded fibre reinforced poly-
mers (FRPs) is now routinely considered as a viable alternative to the rather costly replacement of these structures.
Previous laboratory investigations of this strengthening technique for concrete beams in flexure and shear have
shown that, despite its capability of considerably enhancing the strength capacities of the beams, premature
failures by debonding can often limit the effectiveness of this method. In order to prevent this type of premature
failure, several anchorage schemes have been suggested. However, at present, our basic understanding of the
interfacial mechanics between the concrete and the bonded FRP for such reinforcements is rather limited. In
this paper, we present results from an in-house finite element (FE) code, numerical model, and experimental
investigation on carbon FRP (CFRP) and glass FRP (GFRP)-concrete joints subjected to direct shear. We first
present the experimental set-up designed and constructed in our laboratory for this loading configuration. With
the test set-up we investigate the shear conditions between the FRP and the concrete, to determine the strain
distribution profiles in the FRP. The finite element code is developed to address the interfacial behaviour of FRP-
concrete joints. This code is in its preliminary stage and is based on a linear elastic analysis. Further on-going
developments include the use of more sophisticated material modelling such as the microplane model. The FE
results discussed in the paper include the stress and strain distributions in the FRP, adhesive layer and concrete.
A special emphasis is placed on the strain distribution in the FRP, the peeling-off stresses in the adhesive, and the
shear stresses in the concrete layer adjacent to the interface. In addition, a simple elastic-based numerical analysis
is presented and applied to this loading condition. Comparisons between experimental, FE, and numerical results
are presented.

1 INTRODUCTION

With the flexural strengthening technique of bonding
steel plates or FRP laminates to reinforced concrete
beams, there is a persisting problem of premature fail-
ure due to delamination and peeling-off of the plates.
This phenomenon has been investigated both exper-
imentally and analytically by a number of authors.
However, there is a lack of comprehensive studies on
the FRP-concrete interface.

From flexural tests and modified beam tests
on steel-to-concrete joints as well as composite-to-
concrete joints, it was concluded that plate separation
was due to high local interfacial bond stresses and peel-
ing forces at the ends of the plates (Jones et al., 1980;
Van Gemert, 1980; Quantrill et al., 1996a). These
stresses were found to depend on the tensile strength
of the concrete (Jones et al., 1980; Triantafillou and
Plevris, 1992; Quantrill et al., 1996b), the flexural
rigidity of the cracked plated section (Triantafillou and
Plevris, 1992), the concrete surface preparation (Jones

et al., 1980; Van Gemert, 1980; Ziraba et al., 1995),
the strength and thickness of the adhesive (Jones et al.,
1980; Quantrill et al., 1996b) and, to a lesser extent,
on the plate aspect ratio b/t where b is the width of
the bonded plate and t its thickness (Jones et al., 1980;
Quantrill et al., 1996b).

Plate curtailment led to a considerable reduction of
the strains in the inner plate without completely allevi-
ating the delamination problem (Jones et al., 1980). On
the other hand, the use of end anchorage plates (Jones
et al., 1980; Quantrill et al., 1996a) was shown to be
an effective way to prevent premature failure, allowing
the full flexural strength potential to be achieved. The
addition of side plates alone at the soffits (Quantrill
et al., 1996b) was able to delay premature failure, but
it could not prevent this from eventually occurring. As
far as the bond strength is concerned, average values
ranging from 1.5 MPa (Van Gemert, 1980) to 15 MPa
(Quantrill et al., 1996b) have been reported.

Several local bond slip models have been developed
for representing the interfacial behaviour when FRPs
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are externally bonded to concrete surfaces as well as
for predicting the bond strengths. Some of the most
recent research on the interfacial behaviour of FRP
sheets externally bonded to RC structures have been
summarized (Teng et al., 2004). Based on the fracture
energy criterion, analytical models were developed
to predict the debonding failure load due to flexural
cracks (Niu and Wu, 2000; Wu and Niu, 2001). As
a result of the availability of numerous experimental
data, neural network methods were used as an alter-
native for the prediction of debonding in FRP-plated
beams (Smith et al., 2003).

The current literature suggests that there is a rather
general agreement on many aspects of failure modes
for bonded joints, despite the diversity of reinforc-
ing materials used (i.e., steel, carbon fibre and glass
fibre composites), the different concrete compres-
sive strengths investigated, and the different specimen
geometries employed. With few exceptions, practi-
cally all researchers conclude that the bond strength
of externally bonded plates depends mainly on the
quality of the surface preparation and the quality of
the concrete itself. However, wide ranges of values
have been reported for the maximum shear stresses
in the joints at failure (2.5 MPa–15.32 MPa) and the
maximum normal stresses (1 MPa–12.97 MPa).

Recent developments in FRP material technologies,
with numerous new fibres and resin systems emerg-
ing in the construction industry, require not only a
basic knowledge of the mechanical properties of each
new product, but also their interfacial behaviour when
applied as external reinforcement. To investigate this
behaviour, a specially tailored test apparatus has been
designed and constructed in our laboratory. It offers
the advantages of being simple, removable, and being
easily reshaped or resized according to various needs.
With this test set-up, four independent tests can be
performed using one single concrete block. This is
made possible by the fact that each bond test involved
only one lateral face of the block. Furthermore, the
FRP-epoxy-concrete interface behaviour is essentially
a surface phenomenon, as has been observed by Ziraba
et al., (1996). Since the failure of an FRP/concrete
joint does not induce any visible damage to both the
remaining lateral surfaces and the bearing surface of
the concrete block, the remaining lateral surfaces of
the concrete block can therefore be reused for other
bond tests.

The apparatus is versatile in the sense that not
only FRP/concrete joints can be investigated, but other
combinations of materials can be tested as well. Fur-
thermore, static or cyclic loading can be applied. From
the test results and a corresponding linear-elastic in-
house FE code analytical model, the strain and result-
ing shear stress distributions along the bonded joints
can be obtained. A combination of such results with
those obtained from corresponding beam tests should

be useful to establish appropriate guidelines for the
analysis and design of composite-to-concrete joints.

2 EXPERIMENTAL PROGRAM

2.1 Materials

For the experimental program, two batches of con-
crete blocks of dimensions 150 × 150 × 400 mm were
fabricated from a normal density concrete mix with a
maximum aggregate size of 14 mm. The mean com-
pressive strength for all the batches was 42.5 MPa, and
the mean tensile strength from the standard three-point
flexure tests was 3.5 MPa. The Young’s modulus of
the concrete, estimated from the concrete compressive
strength, was 33.5 GPa.

Two types of fibre reinforced composite laminate
were used in this investigation: GFRP (glass fibre rein-
forced polymer) and CFRP (carbon fibre reinforced
polymer). The GFRP composite was prepared from
the TYFO® SEH 51 fabric and the TYFO® S epoxy
resin, while the CFRP composite was prepared from
the Replarktm unidirectional sheet and the L 700S
epotherm resin. These epoxy-FRP laminate systems
were prepared in accordance with the manufacturers’
specifications. Unidirectional laminates of both GFRP
and CFRP with 1, 2, 3 and 6 plies were prepared in spe-
cially designed steel moulds so as to give a uniform
laminate thickness. The CFRP and GFRP laminates
of 1 and 2 plies were each cut into strips of 25.4 mm
and 50.8 mm width, while the 3-ply laminates of both
CFRP and GFRP were cut into strips of 25.4 mm.
These strips were bonded on the concrete blocks for
preliminary bond tests. Specimens from the 3-ply and
6-ply CFRP and GFRP laminates were tested in ten-
sion in order to determine their tensile strengths and
elastic moduli. The thickness of one ply of CFRP and
GFRP laminates is 0.33 and 1.00 mm, respectively.

For GFRP laminates, the values of mean strength
and mean Young’s modulus were found to be 472 MPa
and 29.2 GPa, respectively. These values fall above
the minimum values specified by the manufacturer:
448 MPa and 22.4 GPa respectively for minimum ten-
sile strength and minimum tensile modulus. Speci-
mens of the Tyfo® s epoxy resin were prepared and
tested in tension according to standard ASTM-D 638.
From these tests the values for Poisson’s ratio, νa, and
shear modulus, Ga, were found to be respectively 0.4
and 1.18 GPa.

For CFRP laminates, the tensile strength and ten-
sile modulus were found to be 1014 MPa and 75.7 GPa
respectively. No epoxy adhesive specimens were tested
for the CFRP systems. However, values of Poisson’s
ratio for epoxy resins used with similar CFRP sys-
tems reported in the literature vary from υa = 0.38–0.4
(Kazuaki et al., 1996; Hull and Clyne, 1996).The value
υa = 0.38 was used in this study.
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Table 1. GFRP-concrete detailed bond tests.

Bonded Bonded
Number length width
of plies [mm] [mm] Failure
(1) (3) (4) load [kN]

1 135 25.4 9.04
1 145 25.4 9.67
1 150 25.4 9.30
1 155 25.4 7.57
1 160 25.4 10.42
1 180 25.4 11.41
1 240 25.4 8.75
1 240 25.4 10.14
1 280 25.4 11.65
2 120 25.4 13.82
2 210 25.4 14.90
2 220 25.4 15.50
2 240 25.4 16.42
2 240 25.4 15.50
2 240 25.4 16.51
2 260 25.4 19.00
2 260 25.4 18.82
2 280 25.4 17.80
2 305 25.4 20.90
2 320 25.4 21.40

2.2 Bonding FRP laminates to the concrete blocks

Two methods were used to bond the composite lami-
nates to the concrete blocks: (i) bonding prefabricated
cured GFRP and CFRP laminates on the concrete
blocks, as opposed to (ii) the in-place bonding and
curing of the GFRP fabric and the CFRP laminates
directly on the concrete. The concrete surface was first
sandblasted and then cleaned by air-blasting. The sur-
faces of the prefabricated laminates were roughened
by sand paper and then cleaned and wiped with acetone
to remove contaminants.

For the preliminary bond tests described in Sec-
tion 2.5 the first preparation method, consisting of
bonding prefabricated laminates to the concrete block,
was adopted. This bonding procedure with CFRP lam-
inates requires the prior application of a primer. This
primer was applied evenly over the entire surface
according to the manufacturers’ specifications. The
second method, which consisted of bonding and cur-
ing the GFRP fabric and unidirectional CFRP sheets
directly on the concrete block, was used for the second
and more detailed set of tests. For these tests, the same
surface preparation procedure for the concrete blocks
and primer application were employed for the CFRP-
bonded joints. However, only 25.4 mm wide GFRP
fabric and CFRP sheets with 1 and 2 plies were used
for these tests.

During the preparation of the specimens, a relatively
uniform thickness of 1–1.2 mm of the adhesive layer
was assured by using aluminum guides. The bonded

Table 2. CFRP-concrete detailed bond tests.

Bonded Bonded
Number length width
of plies [mm] [mm] Failure
(1) (3) (4) load [kN]

1 50 25.4 7.30
1 80 25.4 8.73
1 135 25.4 9.00
1 145 25.4 8.90
1 160 25.4 10.42
2 100 25.4 11.40
2 120 25.4 12.80
2 160 25.4 14.30
2 220 25.4 14.50
2 240 25.4 15.10
2 260 25.4 15.39
2 320 25.4 15.68

joints were allowed to cure for 14 days before the
bond tests were performed.The various test parameters
are listed in Tables 1 and 2 including the recorded
failure load.

3 THE TEST APPARATUS

The test apparatus is shown schematically in Figs. 1(a)
and 1(b), and a photograph of the assembly is given
in Fig. 2(a) and Fig. 2(b). The assembly is mounted
in a 100 kN MTS loading frame, and is composed
of: 1 – the frame, 2 – the load cell, 3 – the servo-
hydraulic grips, 4 – the FRP test laminate, 5 – an
aluminum attachment for the Linear Variable Dis-
placement Transducers (LVDTs), 6 – steel bolts, 7 –
shear connectors, 8 – a roller (spherical) bearing
attached to the shear connectors and designed so as
to correctly align the specimen, 9 – two U-shaped
longitudinal steel supports, of 150 kN load capacity,
10 – an aluminum ring for fixing the Linear Variable
Displacement Transducers (LVDTs), 11 – two LVDTs,
12 – four steel rods to tightly secure the test specimen,
13 – the concrete block to which is bonded the FRP
laminate, 14 – a threaded steel rod designed for a min-
imum tensile force of 150 kN, 15 – a counter-twisting
attachment to prevent any rotation of either the test
specimen or the test rig, 16- the lower platform of the
frame, and 17 – the piston of the MTS load system.

By pulling on the FRP laminate, the face of the
upper concrete section comes into contact with the
bearing plate. The resulting bearing pressure is trans-
mitted to the two U-shaped steel supports via the upper
shear connector plate. The longitudinal steel supports
transmit the applied load to the lower part of the frame
via the lower shear connector plate and the threaded
steel rod.
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Figure 1a. Specimen configuration.

Figure 1b. Equilibrium of element of bonded laminate.

Figure 2. Test setup.

The alignment of the test rig was insured in two
steps. First, after fixing the test rig on the lower plat-
form of the frame via the threaded steel rod (14),
the alignment of the whole assembly relative to the
servo-hydraulic grips was insured by: (i) positioning
a steel plate with a thickness of 6 mm in the grips,
(ii) measuring the steel plate misalignment relative
to the assembly by means of two displacement trans-
ducers fixed to both the U-shaped longitudinal steel
supports and the steel plate, and (iii) minimizing the
readings of the two transducers. Afterwards, the test
rig was prevented from twisting by fixing it to the
lower platform of the loading frame by the counter-
twisting attachment (15) which allowed only vertical
movements. The steel plate was then removed from the
grips and the FRP-concrete joint specimen was placed
in the test rig.A proper alignment of the specimen itself
was made possible by having elliptical holes in the
upper and lower parts of the U-shaped supports which

Figure 3. Strain distribution along a 2-ply GFRP-concrete
joint.

Figure 4. Strain distribution along a 1-ply CFRP-concrete
joint.

permitted the necessary movement of the U-shaped
supports relative to the shear connectors.

3.1 Strain profiles along the bonded joints

Figures 3 and 4 show the strain gage readings at vari-
ous two load levels for the 1-ply CFRP-to-concrete and
2-ply GFRP-to-concrete. Gage G0 refers to the strain
in the composite specimen alone, while the readings
beginning with gage G1 represent the strains in the
bonded joints. From these strain distribution profiles,
three distinct profile trends corresponding to three dif-
ferent regions of the joint, which depend on the levels
of loading, may be identified. The first trend corre-
sponds to exponentially decreasing strain distributions
as the load is initially applied. This exponential trend
extends over the region between gages G1 and G3. The
distance required for the strain to reach zero defines
the so-called initial transfer length.The maximum load
level associated with this strain distribution trend is
that needed to initiate a crack in the concrete block at
the bearing end. In the case of GFRP bonded joints,
cracking at the most highly stressed end began at 55%
to 63% of the ultimate tensile capacity of the GFRP
laminate, while for the CFRP bonded joints cracking
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Figure 5. Finite element model.

began between 62% and 68% of the ultimate tensile
capacity of the CFRP laminate.

Once a crack is initiated, further loading gradu-
ally displaces the transfer region towards the unloaded
end, and the resulting strain profiles show a more or
less bilinear decreasing trend, with a transition point
occurring at the limit of the initial transfer region. This
transition point coincides with either gage G3 or G4
as can be seen from Figs 3, 4 and 6. During the final
stages of loading Figs 3 and 4 (for GFRP-to-concrete
joints) show a more or less linearly decreasing strain
profile trend, while Fig. 6 (2-ply CFRP bonded joint)
depicts a somewhat non-linear trend. The correspond-
ing transfer region extends from gage G4 to the end of
the joint. It should be noted that for the 1-ply CFRP
bonded joint (Fig. 5), only an exponential-type strain
distribution profile was observed.

4 ANALYTICAL MODEL

4.1 Analysis of bonded joint

An analytical model for determining the shear stress
distribution on a bonded composite-to-concrete joint,
based on shear lag theory and valid only in the elas-
tic range is developed in this section. For a detailed
analysis, the reader is referred to the theoretical inves-
tigations carried out by Malek et al. (1996) and Maeda
et al. (1997).

Figures 1(a) and 1(b) show the joint configuration
and a typical segment of a bonded joint with the appro-
priate system of forces used in this analysis. From the
equilibrium of an element 	x of the FRP laminate,
one can write:

where Ap, Ac, fp(x), fc(x) and τ(x) are, respectively, the
FRP laminate cross-section, the concrete block cross-
section, the axial tensile stress applied on the FRP
laminate, the axial compressive stress in the concrete
block and the shear stress at a position x of the joint.

The shear stress in the adhesive can be expressed as

where Ga and γ(x) are, respectively, the shear mod-
ulus and shear strain of the adhesive. From strain
compatibility, we have:

where, ta, u(x), εp(x) and εc(x) are, respectively, the
thickness of the adhesive, the longitudinal displace-
ment, the strain in the FRP laminate and the strain
in the adjacent concrete layer. Combining equations
2 and 3 and assuming a linear behaviour of the FRP
laminate and the concrete in tension, one can write:

Combining 1a, 1b and 4, one can write:

with

The solution to equation 6 takes the form:

The constants B and C are obtained by employing the
following boundary conditions:

Combining these boundary conditions with equations
4 and 6, the constants B and C are found to be:

where τm = F/bpLj represents the mean shear stress
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on the bonded joint. Once the shear stress distribution
along the joint is found, the axial stress in the FRP lam-
inate can be computed from an integration of equation
6b, and takes the form:

The resulting strain in the FRP laminate is obtained
from Hooke’s law as:

5 FINITE ELEMENT ANALYSIS

A plane-stress linear elastic finite element analysis of
the FRP-concrete joints is presented. The finite ele-
ment model of the corresponding experimental test is
build in an in-house code that is developed for the pur-
pose of investigating the interfacial behaviour of FRP
composites when bonded to concrete. The constitutive
models of concrete, adhesive and FRP laminates are
elastic. The material parameters required to define the
constitutive models of different materials are obtained
experimentally and used in the analysis. Since the
problem modelled using the code is a simple shear test,
then the stresses generated in concrete at the interface
is mainly shear stresses. The shear stresses in con-
crete are directly proportioned to the diagonal tension.
One can assume the concrete behaviour in tension until
cracking occur is elastic. The implementations of the
code lie in the range of pre-cracking stage in concrete.
The in-house code is in its preliminary stage. Next
stage in this code includes defining failure criteria and
then developing a more accurate constitutive material
model for the materials.

5.1 Finite element model

Figure 5 shows the mesh configuration, boundary
conditions and load application of the finite element
application. The model consists of layers of concrete,
adhesive and FRP composite. The notations of the
dimensions and the coordinates can be taken from Fig-
ure 1. The model allows full transfer of load between
concrete and adhesive and between adhesive and FRP
composite by adopting the full bond assumption. How-
ever, it accurately represents the experimental testing
by considering the presence of the adhesive layer as
an intermediate layer. To simulate the actual testing, a
gap along the interface is modelled at the edge of the
concrete block. This gap was modeled in this analysis
and in the experimental program to eliminate the con-
centrated shear stresses and peeling-off stresses at the

Figure 6. Strain distribution in the adhesive for a CFRP-
concrete joint.

Figure 7. Strain distribution in the adhesive for a GFRP-
concrete joint.

concrete edge. It was observed during the experimen-
tal testing that a local failure occurred when there is
no gap at the edge of concrete at the interface. Models
for the cases without a gap are also introduced for the
sake of comparison.

5.2 Case studies

Finite element models are studied for selected cases
corresponding to the experimental tests. The selected
cases are two GFRP-concrete joints and two CFRP-
concrete joints. For the GFRP-concrete joints, the
bonded lengths and the FRP thicknesses are 160 and
1.00 mm (1-ply); and 320 mm and 2.00 mm (2-ply),
respectively. For the CFRP-concrete joints, the bonded
lengths and the FRP thicknesses are 180 and 0.33 mm;
and 320 mm and 0.66 mm, respectively.

6 NUMERICAL RESULTS

Samples of experimental as well as numerical strain
distribution profiles for GFRP-to-concrete and CFRP-
to-concrete joints are shown in Figures 6 and 7. Both
the numerical model and the in-house finite element
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Figure 8. Shear stress distribution in the adhesive for a
CFRP-concrete joint.

Figure 9. Shear stress distribution in the adhesive for a
GFRP-concrete joint.

Figure 10. Stresses in concrete perpendicular to interface
for a CFRP-concrete joint.

code predict fairly well the strain distribution in the
FRP composite.

The advantage of the in-house finite element code
over the experimental testing is the ability to estimate
the interfacial behaviour of the FRP-joint in terms of
the shear stress distributions in the concrete adjacent

Figure 11. Shear stress distribution in the interface-adjacent
concrete layer for a GFRP-concrete joint.

Figure 12. Peeling-off stress distribution in the adhesive
layer for a CFRP-concrete.

to the interface and in the adhesive layer as well as the
peeling-off stresses in the adhesive. These quantities
could not be measured experimentally. Considering
the concordance in the estimation of the shear strain
distribution between the experimental and the in-house
code results, one can expect that the other quanti-
ties are estimated fairly accurately. Figures 8 and 9
show the shear stress distribution in the adhesive for
a 1-ply CFRP-concrete joint and for a 2-ply GFRP-
concrete joint. In addition, Figure 10 shows the stresses
in concrete perpendicular to the interface for a 1-ply
CFRP-concrete joint. Figure 11 shows the shear stress
distribution in the concrete adjacent to the interface for
a 2-ply GFRP-concrete joint. Finally, the peeling-off
stress distribution along the interface in the adhesive
layer for a 1-ply CFRP-concrete joint and for a 2-ply
GFRP-concrete joint are shown in Figures 12 and 13.

7 CONCLUSION

An experimental and analytical investigation has been
carried out with the objective of improving our under-
standing of the transfer mechanisms involved when
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Figure 13. Peeling-off stress distribution in the adhesive
layer for a GFRP-concrete joint.

composite laminates are bonded to concrete. From
the experimental standpoint, a new and fairly simple
test apparatus was designed. The test rig could be a
useful tool for testing not only concrete-to-composite
joints, but also other combinations of materials. Fur-
thermore, it offers the possibility of performing four
pull-out bond tests on the same concrete block, thus
allowing materials savings and eliminating potential
problems with variability of the concrete surface qual-
ity. The test apparatus can also be resized according
to the study at hand. The tests results obtained from
this test apparatus (strain distributions along the joint)
are very reproducible and complement the findings of
others.

From the tests, it was possible to develop the full ten-
sile capacity of the bonded composite plates for both
1 and 2-ply GFRP and CFRP plates. It was seen that,
for 1-ply and 25 mm wide GFRP-to-concrete joints,
bond lengths of 160 mm were sufficient to develop the
full tensile capacity of the composite. For 2-ply and
25 mm wide GFRP-to-concrete joints, bond lengths
of 260 mm were sufficient to develop the full tensile
capacity of the composite. In the case of 1 and 2-ply
25 mm wide CFRP-to-concrete joints, bond lengths of
80 mm and 220 mm, respectively, were sufficient to
develop the full capacity of the composites.

From the analytical standpoint, a fairly simple anal-
ysis based on shear lag theory was developed and
results were compared with the experimental data.
For the linear elastic range the analytical results were
shown to be in good agreement with the experimen-
tal data.

A plane stress linear finite element analysis is used
to model the problem of FRP/concrete interface. A
fairly good agreement was achieved with both the
experimental results and the aforementioned numer-
ical model in terms of the strain distribution along the
composite. A main advantage of this in-house code
is its ability to estimate the interfacial stresses and

strains in the joint. The code in its present state is
a linear elastic code. Future plans of enhancing the
code will consider the nonlinearity in both the analy-
sis and the material behaviour. For the limited purpose
of the test, such a linear elastic finite element code
can predict fairly well the interfacial behaviour of the
FRP/concrete in the elastic range.
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Bond behavior of CFRP rods in RC beam with hanging region
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ABSTRACT: Due to the higher tensile strength, non-plastic (having no yield point) behavior and a little
lower bond strength, carbon fiber reinforced polymer (CFRP) rods are favorable materials to investigate the
development or anchorage length of reinforced concrete members compared with the conventional mild steel
bars. This paper presents an experimental study on bond behavior of longitudinal bars in hanging region of the
reinforced concrete beams. In order to realize the bond splitting failure, CFRP rods were used as longitudinal
bars. The main test variables are (a) transverse reinforcement ratio and bond length in hanging region, and (b)
transverse reinforcement ratio in shear span. Based on the test results, the provision of the Architectural Institute
of Japan (AIJ) code on the development length of the hanging region was evaluated, and a model for predicting
additional deflection due to the tension shift force was also presented.

1 INTRODUCTION

When shear inclined cracking develops in the shear
span on reinforced concrete beam, the tension shift
of the longitudinal tensile force occurs and a certain
quantity of the tensile force exists at the support as
shown in Fig. 1. This additional tensile force must be
anchored in the hanging region beyond the support.

AIJ Code provides the development length greater
than effective depth of the beam past the support, and
ACI Code does not explicitly treat the effect of shear
on tensile force and provides the minimum distance
which ever is greater of the effective depth or 12 bar
diameters past the theoretical cutoff point for flexure.
The objective of the paper is to confirm the existence

Figure 1. The phenomenon of tension shift in reinforced
concrete beam with hanging region.

of the tension shift experimentally and to evaluate the
code provisions for hanging region.

Due to the higher tensile strength, non-plastic (hav-
ing no yield point) behavior and a little lower bond
strength, carbon fiber reinforced polymer (CFRP) rods
are favorable materials to investigate the develop-
ment length or anchorage length of reinforced concrete
members and to realize the bond splitting failure of the
beam consciously.

Hence, the CFRP deformed rods were used in this
experiment as the longitudinal tension bars instead
of the conventional steel bars. Totally sixteen rein-
forced concrete beams were monotonically loaded to
failure. Four of them were not comprised of any devel-
opment length in the hanging region to observe the
failure mode and the improper behavior due to lack of
development length.The main variables were (a) trans-
verse reinforcement ratio and development length in
the hanging region, and (b) transverse reinforcement
ratio in the shear span.

This paper considered not only the shear capac-
ity but also the deformation of the beam after shear
inclined cracking. A model predicting the additional
curvature due to tension shift after shear inclined
cracking was presented, and the deflection at the
midspan was calculated.

2 EXPERIMENTAL SETUP

In this study, sixteen reinforced concrete beams have
been tested. Specimens were divided into two groups
G1 and G2. Details of specimen and test variables are
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Table 1. Detail of specimens and test variables.

Table 2. Properties of reinforcement material.

Longitudinal reinforcement
Transverse

Tension Compression reinforcement
CFRP rods steel steel
(db = 10 mm) (db = 10 mm) (db = 6 mm)

Tensile strength (MPa) 1906 – –
Young modulus (GPa) 164 168 168
Yield strength (MPa) – 403 550
Fibre content 60% – –
Specific gravity 1.52 – –

shown in Table 1 and Table 2 presents the information
of reinforcement materials.

All of the specimens were 130 mm wide and
230 mm deep. The specimen was simply supported
and subjected to two-point loads.The distance between
loading and supporting point was 450 mm. To observe
bond stress in the shear span, strain gages were
attached on the longitudinal reinforcement at the sup-
port and the loading point. Specimen detail and loading
position are shown in Fig. 2.

In the case of beam group 1 (G1), the effect of
development length in hanging region to the bond char-
acteristic on the specimens were investigated using
three different hanging lengths: 160, 220, 280 mm
(see Table 1). The influences of transverse reinforce-
ment in hanging region were also investigated by using

three different reinforcement ratios, ρwh (0.27, 0.54,
and 0.72%).

Furthermore, in the case of G2, the influence of
transverse reinforcement in shear span was observed
by using four different reinforcement ratios, ρws in
shear span (0.68, 0.77, 0.87, and 0.97%). The effect of
bond length, Lb (0 and 100 mm) was also investigated
as illustrated in Fig. 2(b).

Figure 3 shows the experimental result conducted
by Kaku et al. (Kaku et al. 1992) related to the bond
characteristic of CFRP rods used in this study. It is
shown that even though CFRP rod has lower bond
strength comparing to the conventional steel bar, this
value is still higher than the required bond strength
calculated using Fujii-Morita equation (Fujii-Morita
1982).
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Figure 2. Specimen detail and loading position.

Figure 3. Bond behavior of CFRP rods.

3 BOND STRESS AND TENSION FORCE

3.1 Bond stress

Experimental bond stress, τ, in the shear span can be
calculated by measured strains at the support, ε1, and
at the loading point, ε2, as follows:

while bond stresses in the hanging region were deter-
mined by:

where Ef is the elastic modulus of FRP, db is the diam-
eter of longitudinal reinforcement, Lbs is the shear
span length, and Lb is the embedded length in hanging
region.

Since the bond provision of AIJ is based on the
Fujii-Morita proposal, the test results were compared
with Fujii-Morita equation (Fujii-Morita 1982). The
equation can be written as follows:

where τu is the bond strength, τco is the bond strength
carried by concrete, τst is the bond strength carried by
stirrups, bi is the parameter for evaluating the geomet-
rical arrangement of longitudinal bars, f ′

c is concrete
compression strength, k is the coefficient representing
the efficiency of stirrups, Ast is the total area of stirrup
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legs, s is the spacing of stirrups, N is number of lon-
gitudinal bars, and db is the diameter of longitudinal
reinforcement.

Furthermore, a basic development length (Ld ) for
FRP rod, provided by ACI Committee 440, was also
used as a comparable one with Fujii-Morita equation.
The equation is given as follows:

Equation (6) can be written in term of bond strength
as follows:

where T is the tension force of longitudinal reinforce-
ment, φ is the perimeter of longitudinal reinforcement,
Af is area of longitudinal reinforcement, ffu is the ulti-
mate tensile strength of the FRP rod, K2 is a constant
taken 1/40 (Ehsani & Saadatmanesh 1996), and db is
the diameter of longitudinal reinforcement.

3.2 Tension force at the support

The AIJ or ACI-318 codes require only the effective
depth or 12 db for the development length in hanging

Table 3. Bond strength and type of failure for each specimens.

Calculated

Experimental Fujii-Morita
ACI

Vmax τs τh τco τst τu τACI Type of
Specimens (kN) (MPa) (MPa) (MPa) (MPa) (MPa) (MPa) τs/τu τs/τACI failure

G1-1 95.90 2.55 4.23 4.38 3.62 8.00 6.18 – – Flexural
G1-2 83.90 2.51 3.81 4.38 3.62 8.00 6.18 0.31 0.41 Bond
G1-3 76.70 2.69 4.04 4.38 3.62 8.00 6.18 – – Shear
G1-4 88.70 1.97 3.21 4.38 3.62 8.00 6.18 – – Flexural
G1-5 91.60 2.18 3.10 4.38 3.62 8.00 6.18 0.27 0.35 Bond
G1-6 85.00 3.14 5.05 4.38 3.62 8.00 6.18 0.39 0.51 Bond
G1-7 90.80 2.42 1.91 4.38 3.62 8.00 6.18 – – Shear
G1-8 95.70 3.66 2.33 4.38 3.62 8.00 6.18 – – Flexural
G2-1 73.20 1.54 – 2.70 1.89 4.60 6.34 0.34 0.24 Bond
G2-2 86.90 1.82 – 2.70 1.70 4.41 6.34 0.41 0.29 Bond
G2-3 72.60 2.04 – 2.70 1.52 4.22 6.34 0.48 0.32 Bond
G2-4 59.80 1.80 – 2.70 1.33 4.03 6.34 0.45 0.28 Bond
G2-5 97.70 2.18 2.31 2.97 2.08 5.05 6.96 – – Shear
G2-6 78.20 1.19 2.56 2.97 1.87 4.84 6.96 – – Shear
G2-7 78.20 1.18 3.09 2.97 1.67 4.64 6.96 – – Shear
G2-8 71.10 1.22 4.15 2.97 1.46 4.43 6.96 – – Shear

Note: Vmax = maximum experimental shear force; τs = maximum bond stress in shear span, Eq. (1); τh = maximum
bond stress in hanging region, Eq. (2); τu = total bond strength calculated using Eq. (3); τco = bond strength carried
by concrete, Eq. (4); τst = bond strength carried by stirrups, Eq. (5); τACI = bond strength calculated using Eq. (7).

region. But, if the tension force at the support after
shear inclined cracking were known, a more precise
provision could be presented. Based on statistical anal-
ysis a model for predicting the tension force at support
as the function of shear force was proposed. Using this
model not only the development length but also the
additional deflection due to additional curvature can
be determined. The detail of the proposed model will
be described in section 4.3.

4 TEST RESULTS AND DISCUSSION

Summary of test results and observed failure modes
are shown in Table 3. Based on experimental results,
three main points will be discussed: the effect of trans-
verse reinforcement ratio and bond length in hanging
region, the influence of hanging region and trans-
verse reinforcement ratio in shear span, and deflection
behavior of the beams.

4.1 Discussion on beam group 1

In order to investigate the effect of transverse rein-
forcement ratio in hanging region, shear forces are
plotted against bond stresses in hanging region as
shown in Fig. 4. Figure 4(a) and (c) show that
with increasing of transverse reinforcement ratio in
hanging region from ρwh = 0.27% to 0.73%, there is
no significant difference of bond stresses in hanging
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region.Although Fig. 4(b) shows a little difference, the
variation is not proportional to ρwh. Therefore, there is
no influence of ρwh on bond stress in hanging region.

In Fig. 5, bond stresses in shear span are plotted
versus shear forces to observe the influence of bond
length in hanging region on bond stress in shear span.
With increasing of bond length in hanging region from
160 mm to 280 mm, there is no significant decrease of
bond stresses in shear span. Hence, bond length greater
than 160 mm, which is still shorter than effective depth
of the beam (d = 210 mm), has no further effect on the
beam. As a result, the recommendation in AIJ and ACI
codes, which suggested that the development length
at hanging region should be equal or greater than the
effective depth of the beam, is conservative.

4.2 Discussion on beam group 2

From test results of beams G2-5 to G2-8, shear forces
are plotted against bond stresses in hanging region and
bond stresses in shear span, as shown in Fig. 6(a) and
(b), respectively.
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Figure 4. The effect of transverse reinforcement in hanging region on bond stress in hanging region.
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Figure 5. The effect of bond length in hanging region on bond stress in shear span.

These figures point out that as transverse reinforce-
ment ratio in shear span (ρws) increases, bond stresses
in both hanging region and shear span decrease. Thus,
bond stresses are significantly affected by ρws.

To observe the relationship between bond stresses in
shear span and that in hanging region, a typical curve,
beam G2-7, from Fig. 6(a) and (b) are plotted on the
same graph as shown in Fig. 7. Initially, the beam is
uncracked where it exhibited linear behavior. This is
attributed to the linear elastic characteristics of CFRP
bars and concrete, and the perfect bond between CFRP
bars and concrete. With additional loading, cracking
occurs at the constant moment zone. Furthermore,
when applied moment exceeds the cracking moment,
a considerable increase in bond stresses show in shear
span. Bond stress in shear span increases linearly as
the load increases.

Until this stage of loading, bond stresses in hanging
region (strain measured in tension longitudinal rein-
forcement at support, ε1) are still zero. With further
loading, inclined cracking occurs at shear span result-
ing in transfer of supplementary bond stresses from
shear span to the hanging region (tension shift occurs).
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Figure 6. The effect of transverse reinforcement in shear span.
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Figure 7. A typical relationship between bond stresses in
shear span and hanging region.

Consequently, bond stress in hanging region start to
increase. From this stage, bond stress in hanging
region increases linearly, whereas bond stress in shear
span remains constant with additional loading until
failure.

To compare bond stress behavior in shear span with-
out hanging region to that with hanging region, bond
stresses in shear span are plotted versus shear forces
in Fig. 8. As can be seen, these figures show signif-
icant influence of hanging region on bond stresses
in shear span. Bond stresses in shear span without
hanging region are higher than those with hanging
region of 100 mm. With additional loading after shear
inclined cracking, bond stress in shear span continues
to increase for the beams without hanging region, but
it almost remains constant for the beam with hanging
region. This is due to the fact that there is a transfer
of additional tension force in tension reinforcement to
the hanging region after shear inclined cracking, as

explained in Fig. 7. It is noted that the beams without
hanging region (G2-1 to G2-4) failed in bond split-
ting failure mode, while beams with hanging region
(G2-5 to G2-8) failed in shear. Moreover, the ulti-
mate load carrying capacity of the beams with hanging
region is higher than that of the beams without hanging
region. This is because of the contribution of hang-
ing region to the bond splitting capacity of the beams.
It should be also noted that, in practical case, sim-
ply supported beam generally incorporates hanging
region to prevent bond splitting failure mode, which
is brittle and dangerous. As shown in Table 3, bond
strengths predicted by ACI-440 equation (τACI ) are
higher than those of experimental results for beams
without hanging region. Thus, ACI-440 overestimates
the bond strength of CFRP bars. Similarly, bond
strengths predicted by Fujii-Morita equation (τu) are
bigger than test results as well. Therefore, it would be
not safe to use equation either suggested by ACI-440
or Fujii-Morita for predicting bond strength of CFRP
rods in reinforced concrete beams without hanging
region in which the failure mode is governed by bond
splitting.

4.3 Deflection behavior

Statistical analysis has been conducted using strain
data of each specimen (ε1). Only the representative
specimens G1-2 and G2-5 were presented in this paper
(see Fig. 9). Based on the results of linear regres-
sion, an equation T = AV − B was obtained where
A = 0.46 and B = 10.23, then the coefficient A can be
simplified to 0.5.

Furthermore, according to ACI-318 Sec. 11.3.1.1,
shear force carried by concrete, Vc, is given by:
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force in longitudinal reinforcement at support.

where bw is the web width, and d is the effective
depth.

In the case of beam with FRP reinforcement Vc
should be multiplied by Ef /Es due to low modulus
elasticity of FRP, as suggested in ACI-440 sec. 9.2,
where Ef is the elastic modulus of FRP reinforcement,
and Es is that of steel.All of specimens were calculated
with Equation (8) and Ef /Es factor. It was found that
Vc ranging from 15 kN to 20 kN. Based on this fact it is
reasonable to replace the coefficient B to 0.5 Vc. Then
a model to illustrate the additional tension force in the
longitudinal reinforcement at support due to tension

V

T

V >VcV <Vc

T = 0 T > 0

T = 0.5 ( V - Vc)

Vc

Figure 10. Suggested model to calculate additional tension
forces at support due to tension shift.

shift can be proposed. Figure 10 describes the model
more clearly and can be explained as follows:

If V < Vc

and if V > Vc

where T is the tension force and V is the shear force.
In this study the proposed model was applied to cal-

culate the additional curvature after the shear inclined
cracking. The additional deflection due to additional
curvature was calculated and added to analytical
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deflection, which was calculated based on theoretical
moment-curvature (Park & Paulay 1975).

Subsequently, the additional curvature can be cal-
culated as:

where φa is the additional curvature after shear
inclined cracking, εa is the additional strain, z is the
lever arm of internal forces.

It is shown from Fig. 11 that the load–deflection
curve calculated with additional curvature shows a
little improvement comparing to the one without addi-
tional curvature. It is noted that other effects should
be also considered to calculate the deformation of RC
beam failed in shear, such as the effect of dowel action,
slippage of longitudinal bars, and so on.

5 CONCLUSIONS

Totally 16 beams have been tested to investigate the
bond behavior of RC beams with hanging region using
CFRP rods. The results of analytical and experimen-
tal investigation described above, led to the following
conclusions:

1. AIJ and ACI codes conservatively provide develop-
ment length at hanging region.

2. ACI-440 and Fujii-Morita equations overestimate
the bond strength of CFRP bars in the beams
without hanging region.

3. Hanging region has significant influence on
improving bond splitting capacity of the beams.

4. Transverse reinforcement ratio in hanging region
has no influence on bond stress in hanging region.

5. Transverse reinforcement ratio in shear span signif-
icantly affects bond stress in both hanging region
and shear span.

6. Analytical load–deflection curve calculated by addi-
tional curvature shows a little improvement compar-
ing with that neglecting additional curvature.

NOTATION

Af = total area of longitudinal
reinforcement (mm2)

Ast = total area of stirrups legs (mm2)
bi = parameter for evaluating the geometrical

arrangement of longitudinal bars
bw = beam width (mm)
d = effective depth (mm)
db = diameter of longitudinal

reinforcement (mm2)
Ef = elastic modulus of FRP (MPa)
f ′
c = concrete compression strength (MPa)

ffu = ultimate tensile strength of
the FRP rods (MPa)

k = coefficient representing
the efficiency of stirrups

K2 = constant
Lb = embedded length in hanging region (mm)
Lbs = shear span length (mm)
Ld = development length (mm)
N = number of longitudinal bars
s = spacing of stirrups (mm)
T = tension force in the longitudinal

reinforcement (N)
V = shear force (N)
Vc = shear force carried by concrete (N)
z = lever arm of internal force (mm)

ε1 = measured strain at the support
ε2 = measured strain at the loading point
εa = additional strain after inclined cracking
φ = perimeter of longitudinal

reinforcement (mm)
ϕa = additional curvature after inclined cracking
ρ = longitudinal reinforcement ratio
ρwh = transverse reinforcement ratio

in hanging region
ρws = transverse reinforcement ratio

in shear span
τACI = bond stress calculated from ACI

development length equation (MPa)
τco = bond strength carried by concrete (MPa)
τh = bond stress in the hanging region (MPa)
τs = bond stress in the shear span (MPa)
τst = bond strength carried by stirrups (MPa)
τu = bond strength (MPa)
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Dowel resistances of bond interfaces between FRP sheets and concrete

Jianguo Dai, Tamon Ueda, Yasuhiko Sato & Hadiyono Jaqin
Hokkaido University, Sapporo, Japan

ABSTRACT: Bonding FRP sheets externally to existing concrete structures to prevent the spalling of concrete
is becoming a popular application of FRP technology in Japan. In the paper, a series of experimental studies
are performed to observe the failure mechanisms at different peeling stages of FRP sheet–concrete interfaces
under dowel action, and also, to calibrate the interface spalling fracture energy, which can be used for spalling
prevention design of concrete structures by using externally bonded FRP sheets. Experimental parameters are
concrete strength, stiffness of FRP, properties of adhesives, methods for concrete surface treatment as well as the
preset initial crack length between FRP sheets and concrete. Analytical models clarifying relationships among
peeling angle, interface spalling energy and dowel force capacity are built up. The effects of FRP stiffness,
adhesive types, and concrete strength on the interface-peeling angles, interface spalling energy as well as the
interface dowel resistance are discussed. Finally, suggestions for optimal spalling prevention design of FRP
sheet–concrete interfaces are given.

1 INTRODUCTION

Technology of bonding FRP sheets to the surface of
existing concrete structures for the purpose of prevent-
ing spalling of concrete from tunnel lining or elevated
bridges has obtained popularity in Japan. Various FRP
materials with different stiffness have been applied in
engineering applications. It has the necessity of devel-
oping guidelines, which include both test method and
analytical model to calibrate design parameters of FRP
sheet-concrete interface under the spalling action.

Wu et al. (2000) did substantive work related to the
spalling resistance of FRP sheet–concrete interfaces.
They performed punching shear tests for concrete
slabs with externally bonded one and two directional
FRP sheets. The center of each strengthened slab
had a hole for exerting punching shear force. Based
on experimental results, they tried to use interface-
spalling energy to predict the spalling resistance of
FRP sheet–concrete interfaces under shear punching.
But the interface peeling mechanisms at different peel-
ing stages have not been sufficiently clarified, and
also the model for deriving interface spalling fracture
energy from their experimental results was rather com-
plex. By following Wu et al. (2000)’s work,Yoshikawa
et al. (2002) proposed another solution for predict-
ing the spalling resistance of FRP sheet–concrete
interfaces. They considered that the interface spalling
resistance is contributed by tension softening area
of concrete. They treated FRP sheets as tension ele-
ments in concrete tension softening area by neglecting
their bending stiffness (see Figure 1). By knowing the

Stress distribution in tension softening area

Peeling angle θ FRP sheets

Figure 1. Force equilibrium between the spalling force and
tensile stresses in concrete.

tension softening diagram of concrete, the interface
tensile stresses distributed in that area can be deter-
mined from the interface crack open displacements,
which are linearly proportional to the peeling angle
(see Figure 1). However, FRP sheets in tension soften-
ing area of concrete look like beams more than tension
elements. Therefore, their model always gave much
lower prediction on interface spalling resistances than
test results although they could link their model to con-
crete properties. And also, they can not consider the
effects of adhesives.

It should be mentioned that peeling of FRP sheets
from concrete under spalling force is a mix-mode
process including Mode I and Mode II failure simulta-
neously. Mode I failure is mainly affected by concrete
properties and Mode II failure is significantly affected
by adhesives besides the concrete properties (Dai et al.
2003 & 2004). Models based on fracture mechanics
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have proved to be more suitably used for describing the
FRP sheet–concrete interfaces’ failure under different
stress conditions. However, issues on how to use suit-
able test method to calibrate interface fracture energies
under different conditions as well as how to use them
for engineering design need to be further studied. The
objectives of this paper are to clarify the failure mech-
anisms and to calibrate the interface fracture energy
of FRP sheet–concrete interface under dowel action,
which can be useful for spalling prevention design of
concrete by using externally boned FRP sheets.

2 EXPERIMENTAL PHASE

2.1 Experimental setup

To study the failure of FRP sheet–concrete interfaces
under dowel force action, test setup with an accurate
displacement controlling system as shown in Figure 2
was developed based on a universal testing machine.A
high strength bar was connected with the loading sys-
tem. The high strength bar can impose the dowel force
onto FRP sheets vertically by going through a notched
concrete beam, of which the bottom was attached with
one directional FRP sheets. A steel block was adhered
on the top of FRP sheets at the notched location of the
concrete beam and a ball hinge was set between the
steel bar and steel block.

During the testing procedure, dowel forces and
the corresponding vertical displacements of the steel
block and concrete beam at the notched locations were
recorded continuously. The open displacement of FRP
sheet–concrete interface (CMOD), which is defined as
the relative displacement between the steel block and
concrete beam at the location where dowel force is
imposed, can be calculated consequently. Strain gages
were put on the surface of FRP sheets with the interval
of 20 mm.

2.2 Experimental materials

Properties of Carbon Fiber Sheets (FTS-C1-20) used
in this study are shown in Table 1. Two types of
adhesives FR-E3P and CN-100 were used in the
study. But a same primer FP-NS was used for all
specimens. The adhesives’ properties are also shown
in Table 1. Adhesive CN-100 has higher elongation
but lower elastic modulus in comparison with FR-E3P.
Two types of concrete with the compressive strength of
23.4 MPa and 42.1 MPa respectively are prepared.

2.3 Details of specimens

In total, 11 one directional FRP sheets externally
bonded concrete beams were prepared. Those beams
have different concrete strength, adhesive bond lay-
ers, FRP stiffness (layers of FRP sheets) and initial

Figure 2. Photograph of dowel test setup.

Table 1. Properties of CFRP sheets and adhesives.

Material ft Ef (Ea) εu ρ tf
type (MPa) (GPa) (%) (g/m3) (mm)

FTS-C1-20 3550 230 1.5 200 0.11
FR-E3P 44.7 2.41 1.5 – –
CN-100 11.8 0.39 60 – –
FP-NS 48.1 2.41 1.5 – –

Note: ft = tensile strength; Ef , Ea = elastic modulus of FRP
and adhesive respectively; εu = fracturing strain; ρ = fiber
density; tf = thickness of FRP sheets.

Table 2. Details of specimens and experimental results.

f ′
c Ea Ef tf a Pd Gfs

No. (MPa) (GPa) (kN/mm) (mm) tan θ (kN) (N/mm)

1s 23.4 2.41 50.6 22.5 0.071 0.93 0.57
2s 42.1 2.41 50.6 22.5 0.081 1.19 0.84
3s 42.1 0.35 50.6 22.5 0.083 1.79 1.07
4s 42.1 2.41 111.2 22.5 0.046 0.91 0.35
5s 42.1 2.41 50.6 2.5 0.076 1.14 0.67
6s 42.1 2.41 50.6 12.5 0.075 1.16 0.62
7s 42.1 2.41 50.6 42.5 0.081 1.14 0.80
8s 42.1 2.41 50.6 62.5 0.081 1.51 0.82
9c 42.1 2.41 25.3 2.5 0.102 1.58 1.04
10c 42.1 2.41 50.6 2.5 0.082 1.57 0.88
11c 42.1 2.41 111.2 2.5 0.061 1.70 0.80

Note1: f ′
c = compressive strength of concrete; Ef tf = FRP

stiffness, a = initial set un-bonded length between FRP sheets
and concrete; θ = peeling angle; Pd = dowel force capacity
at the stable peeling stage; Gfs = spalling fracture energy.
Note2: “s” means that concrete surface is treated with sand
disk; “c” means that concrete surface is treated with sand
cutter, which can make the coarse aggregates more exposed.

un-bonded length between FRP sheets and concrete
(refer to Table 2).

Each rectangular concrete beam has a 150 mm ×
150 mm section area and a 900 mm span. As shown
in Figure 3, a 50 mm wide × 50 mm high notch was
made in the mid of each beam to accommodate steel
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Figure 3. Size of testing concrete beams.

block bonded on the upper surface of FRP sheets
and ball hinge. A hollow column with section area of
50 mm × 50 mm was preset throughout each beam to
permit steel bar to go it through then exert dowel force
onto FRP sheets. 60 mm wide FRP sheets were bonded
to concrete beams till the beams’ supporting points.
Steel block bonded on FRP sheets has the size of
45 × 60 × 30 mm. Steel bar has a diameter of 30 mm.

3 EXPERIMENTAL RESULTS

3.1 Dowel force-CMOD curves

All experimentally observed dowel force-CMOD
curves are shown in Figures 4 to 7. Figure 4 indi-
cates effects of concrete strength on the interface dowel
force resistance. As expected, higher concrete strength
brings higher interface dowel resistance. When con-
crete strength increases from 23.4 MPa to 42.1 MPa,
the average dowel force (see horizontal dashed lines
in Figure 4) of FRP sheet–concrete interfaces during
peeling increases by about 30% (see No. 1 and No. 2
specimens in Table 2). Figure 4 shows effects of bond-
ing adhesives. It can be seen that low elastic modulus
brings higher interface dowel resistance. The reason is
that the spalling failure of FRP sheet–concrete inter-
face is a mix-mode one. As shown in later analytical
part, the interface spalling fracture energy is usually
bigger than Mode I but smaller than Mode II interface
fracture energy. The later one is greatly affected by
the adhesive properties (Dai et al. 2004). Therefore, to
use soft adhesive is an efficient solution for the FRP
sheet–concrete interface to improve not only its shear
bond but also its dowel force capacity.

Figures 6.1 and 6.2 show the effects of FRP stiffness
on the interface dowel force resistances. It can be seen
that the dowel force at the initial interface peeling (see
circled points in Figures 6.1 and 6.2) increases with
FRP stiffness. The increase is very significant when
there is a 2.5 mm preset un-bonded length a between
FRP sheets and concrete (see Figure 6.2) but becomes
much less significant when the a becomes 22.5 mm
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(see Figure 6.1). At the later peeling stage shown in
Figures 6.1 and 6.2, FRP stiffness ranging from 25.3
to 111.2 kN/mm has almost no effects on the inter-
face dowel resistance (see Figure 6.2 and specimens
No. 9∼11 in Table 2). By comparing two load-CMOD
curves shown in Figure 6.1, it is even found that dowel
resistance during later peeling stage is a bit lower when
the FRP stiffness is higher. That is probably due to the
deviations of concrete surface treatment. On the whole,
for an FRP sheet–concrete interface without initial
un-bonded length, higher FRP stiffness can bring
higher initial peeling dowel force. However, after a
several-centimeter peeled length is induced, the FRP
stiffness hardly affects the interface dowel resistance
any more.

Figures 7.1 and 7.2 indicate the effects of preset ini-
tial un-bonded length a on the dowel force resistance.
The FRP stiffness are 50.6 kN/mm and 111.2 kN/mm
for specimens in Figure 7.1 and Figure 7.2 respectively.
In Figure 7.1, the dowel forces at the first peeling
(see those circled points in Figure 7.1) decreases
when a increases from 2.5 mm to 12.5 mm, but then
turns to increase till a nearly constant value when a
continuously increases to 62.5 mm (see the dashed
tendency line in Figure 7.1). The FRP’s stiffness of
the specimens in Figure 7.2 is two times of those in
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Figure 7.1. It is indicated in Figure 7.2 that the inter-
face dowel force resistance decreases significantly at
first interface peeling when a increases from 2.5 mm
to 22.5 mm, implying the dowel force at initial peel-
ing is more sensitive to a in case of using higher FRP
stiffness. But if a further increases (refer to section 3.4
about the detection of a during test), for example, in
the later interface peeling stage, the dowel force resis-
tance becomes almost independent of a in cases of
using both high and low stiffness FRP sheets.

3.2 Observation on the failure

Figure 8 shows all peeled FRP sheets after dowel
tests. It can be seen that the peeling occurs most often
in the concrete layer just underneath adhesive layer.
Occasionally, the peeling penetrates into the interface
between adhesive and FRP sheets (see Specimen No. 8
in Figure 8). However, that interface failure is accom-
panied with higher dowel resistance in comparison
with those specimens with concrete failure (see No.
8 in Figure 7.1). The damage of concrete substrate
with the strength of 23.4 MPa is more severe than that
of concrete substrate with strength of 42.1 MPa (see
No. 1 and No. 2 in Figure 8). Moreover, when softer
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Figure 8. FRP sheets after peeling.
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adhesive is used (No. 3 in Figure 8), volume of con-
crete attached to FRP sheets is more than that of No. 2,
in which normal adhesive is used. Cracks can also be
seen inside the softer adhesive layer. The correspond-
ing interface dowel resistance is higher as it has been
shown in Figure 5. On the other side, specimen No.
4 that has lightest damage of concrete brings lower
interface dowel resistance as indicated in Figure 7.2.
This lightest damage of concrete may be due to insuffi-
cient exposures of concrete coarse aggregates, because
specimens No. 9, No. 10 and No. 11, for which con-
crete cutter rather than sand disk was used for surface
treatment, have more severe concrete damage. And
also, the heavier damage of concrete is accompanied
with higher interface dowel resistance (refer to the
column dowel resistance Pd in Table 2). So to make
coarse aggregates heavily exposed can improve the
dowel resistances of FRP sheet–concrete interfaces.

3.3 Peeling mechanisms at different stages

Based on the experimental results discussed in section
3.1, a typical dowel force-CMOD curve for an FRP
sheet-concrete interface can be drawn in Figure 9 by
assuming there is a very short initial peeling length a.
In fact, a is impossible to be set zero during experi-
ments. Accordingly, the whole curve can be divided
into four stages. During stage 1, the interface open
displacement (CMOD) is mainly related to the defor-
mation of adhesive layer, which is also greatly affected
by the bending stiffness of FRP sheets. The work done
by exerted dowel force is mainly consumed for sepa-
rating the FRP sheets vertically from concrete surface
rather than increasing the strain energy in FRP sheets.
Correspondingly, the initial interface peeling can be
approximately regarded as a Mode I failure. When the
dowel force reaches the first peak point, the initial
interface peeling happens and following that the inter-
face dowel resistance, which is bending force in the
peeled FRP sheets, decreases sharply. Peeling in stage
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Figure 9. Typical dowel force-CMOD relationships for FRP
sheet–concrete interface.

2 is rather unstable. The interface peeling can still be
related to Mode I failure approximately. Behaviors of
FRP sheets in stage 1 and 2 can be simulated by mod-
eling them as beams on elastic foundation (Dai et al.
2003). Due to the further increase of CMOD, the bend-
ing stiffness and bending deformation of FRP sheets
becomes less influential and the work done by the
dowel force is transferred to increase the strain energy
in FRP sheets. So the interface dowel force resistance
starts to increase again. Meanwhile the interface crack
length a stops increasing and the interface lies in a sta-
ble stage (stage 3 in Figure 9). After the tensile force
in FRP sheets reaches a critical value, the interface
peeling enters into the peeling stage 4, during which
the peeling can self-propagate even without further
increase of the dowel force. In this study, displace-
ment controlling loading system is applied, so that the
interface peeling is rather stationary. As shown in next
section, the strains in peeled FRP sheets do not change
any longer during this stage, meaning the work done by
dowel force is consumed in cohesive part of interface
only.The interface lies in mix-mode loading condition.

Therefore, a typical dowel force-CMOD curve as
shown in Figure 9 can be composed of the follow-
ing four stages: linear stage, unstable stage, stable
stage, and self-propagation stage. And also, the inter-
face peeling shifts from stage 1 into stage 4 soon after
the peeling develops only several centimeters. It is not
suitable to take the peak load achieved in stage 1 (P1

d
in Figure 9) for the interface dowel resistance design
because it is very sensitive to interface flaws, for exam-
ples, even several centimeter initial un-bonded lengths.
Instead, rather constant dowel resistance P2

d (see Fig-
ure 9), whose prediction method will be discussed in
later analytical part, can be taken for interface spalling
prevention design. Values of Pd in Table 2 are obtained
by averaging the dowel resistances of each specimen
during the peeling stage 4. The unstable peeling stage
2 can be avoided by setting an initial un-bonded length
a between FRP sheets and concrete during dowel test
(see the dashed line in Figure 9). Then the P2

d can be
obtained more directly. In the case that FRP stiffness is
50.6 kN/mm, a = 60 mm has proved to be long enough.

3.4 Strain on the outer surface of FRP sheets

To keep tracing the peeled length between FRP sheets
and concrete, a line of strain gages were put on the sur-
face of FRP sheets at one side of each concrete beam.
Figure 10 shows the change of strains of FRP sheets
with the increase of CMOD at different locations. It
is shown that the local strain on the outer surface of
FRP sheets reaches a peak minus value first and then
changes to plus and increases, and finally stops at an
almost constant peak value till the ultimate failure of
interface. When FRP sheets keep good contact with
concrete substrate, the FRP sheets lie in local bending
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condition, which makes strains of the outer surface
of FRP sheets minus. However, in the cohesive bond-
ing part, work done by dowel force stretches the FRP
sheets till a critical plus value at the same time when it
completely separates the FRP sheets from concrete.As
a result, the peak minus value of strain can be related to
the initial peeling of the FRP sheets from the concrete.
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After the FRP sheets have peeled from concrete com-
pletely, it can be seen in Figure 10 that strains of peeled
FRP sheets at different locations almost have a same
value even with the further increase of CMOD, which
implies that the bending stiffness can be neglected and
the peeled FRP sheets can be considered as an element
under tension only.

3.5 Peeling angle

As mentioned in the last section, corresponding to a
given CMOD the peeled location of FRP sheets from
concrete can be determined from reading strain gages
attached on the outer surface of FRP sheets. There-
fore, it is not difficult to get relationships between
the recorded CMOD and the corresponding interface
peeled length Lp for all specimens. Consequently, val-
ues of tan θ, where θ is the interface peeling angle
as shown in later Figure 12, for all specimens can
be obtained (see Table 2) trough regressing all exper-
imental data shown in Figures 11.1 to 11.4. From
Figures 11.1 to 11.4, which show the observed rela-
tionships between CMOD and the peeling length for
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specimens with different concrete strength, adhesive
properties, different initial un-bonded lengths and
different FRP stiffness, the following phenomenon can
be observed:

(1) The peeling angle θ almost keeps constant dur-
ing the whole peeling procedure (see experimental
data and regressed lines in all figures) because:

(2) Bigger peeling angle can be achieved in the cases
of using higher strength concrete (see Figure 11.1)
and a softer adhesive (see Figure 11.2). Both cases
bring higher interface dowel resistance as dis-
cussed in Section 3.1.Therefore, the peeling angle
can be linked to the interface dowel resistance.

(3) Peeling angle is smaller in the case of using higher
FRP stiffness (see Figure 11.3).

(4) The set initial un-bonded length between FRP
sheets and concrete does not affect the peeling
angle (see Figure 11.4). It should be mentioned
that here is mainly discussing the peeling angle
after the peeled length exceeds 20 mm. When the
peeled length is shorter than that, it is impossible
to know the exact peeling length corresponding to
a given CMOD.

4 ANALYTICAL MODEL

During the procedure of interface peeling, the work
done by dowel force is approximately consumed in
two ways. One is to increase the strain energy stored
in peeled FRP sheets and another is to compensate
the energy consumed in cohesive area during inter-
face peeling. The concrete can be assumed as rigid or
the energy stored in concrete beams can be regarded as
constant due to the rather constant dowel force. There-
fore, the following equation can be satisfied during the
interface peeling of FRP sheets strengthened concrete
beams under dowel action:

where: Pd is the maximum interface dowel resistance
achieved in peeling; dCMOD is the increment of the

Pd

T

Peeled FRP

Bonded FRP

θ

Figure 12. Sketch of dowel test during stable peeling stage.

open displacement between FRP sheets and concrete
at the location where the dowel force is added; dU is
the strain energy increment of FRP sheets at both sides;
Gfs is the interface spalling energy; b is FRP sheets’
width; dLp is increment of peeled length at one side.

As discussed in section 3.4, the peeled FRP sheets
can be simulated as an element under tension as shown
in Figure 12, by neglecting the open displacement and
slip at the tip of crack, the tensile strain εf in FRP
sheets can be calculated by the following equation:

θ is a constant value during peeling as described in
Section 3.5 in Equation 3. So the strain in peeled FRP
sheets εf is also a constant value during peeling. The
fact is in accordance with the experimental observa-
tion that the strains of peeled FRP sheets at different
locations does not increase any longer after it reaches
a peak value (refer to Section 3.4).

Therefore,

Because tan θ is a constant value, it can be obtained
from Equation 1 that:

With the substitution of Equations 4 and 5, Equation
2 can be rewritten as follows:

It can be seen from Figure 12 that the following
equation is correct according to force equilibrium:

By combining Equations 3, 6 and 7, the relationship
between the interface spalling fracture energy and the
peeling angle can be obtained as follows:

In the experiments, both the dowel force and the
peeling angle can be obtained as discussed above.
Therefore, strain in FRP sheets during peeling can be
obtained directly from Figure 12 as follows:
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Consequently, the interface spalling energy can be
calculated directly from experimental test results as
well by substituting Equation 9 into Equation 6.

Figure 13 shows the comparisons of experimental
and analytical relationships between peeling angle and
the interface spalling energy for all specimens. It can
be seen that Equation 8 can fit the experimental results
quite well. The agreement indicates that the inter-
face spalling fracture energy can be calculated from
observed peeling angles directly based on Equation 8.
On the other hand, if we eliminate θ from Equations 7
and 8, the interface spalling energy can be calibrated
through investigating the interface dowel resistance
only whereas without the necessity of observing the
peeling angle during test.

Moreover, it is indicated in Figure 13 that even the
stiffness of FRP sheets is same, the observed inter-
face spalling fracture energy distributes in a rather big
range. For example, the spalling fracture energy Gfs
lies between 0.57 N/mm and 1.07 N/mm when the FRP
stiffness is 50.6 kN/mm. The rather big range distribu-
tion of the interface spalling fracture energy is caused
by different concrete and adhesive properties. Besides
that, effect of surface treatment is very clear when the
FRP stiffness is 111.2 kN/mm. Two specimens have
same material properties. However, the Gfs of one spec-
imen is 0.35 N/mm and another is 0.80 N/mm. The
interface spalling energy is usually smaller than Mode
II but higher than Mode I fracture energy, because
the Mode I fracture energy of FRP sheet–concrete
interface is about 0.1∼0.2 N/mm (Authors, 2003) and
Mode II fracture energy is above 1.0 kN/mm (Authors,
2004). In addition, it is found that observed interface-
spalling energy in this study tends to be high when
the FRP stiffness is small whereas be lower when the
FRP stiffness is high (see the arrowed dash line in
Figure 13).

Figure 14 shows the relationship between inter-
face spalling energy Gfs and interface dowel resistance
Pd . It can be seen that relationship between Pd and
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Figure 14. Relationship between Gfs and dowel resistance.

Gfs is correctly predicted in Figure 13 although the
analytical results give a bit overestimation, which is
due to neglecting the interface slip during analysis.
The value of Pd increases with the Gfs, which can be
improved by using comparatively soft but ductile adhe-
sives or making coarse aggregates more exposed on
concrete surface. However, no clear evidence indicates
that greater FRP stiffness brings higher dowel resis-
tance although higher FRP stiffness can bring smaller
dowel deformation. Due to the rather similarly scatter-
ing of observed dowel resistances in the cases of using
different FRP stiffness, a simple value of 15 N/mm
can be given as the dowel resistance that FRP sheet–
concrete interface can undertake from a viewpoint of
safe design.

5 CONCLUSIONS

The following conclusions can be drawn up based on
the experiments and analysis in this study.

(1) Based on a series dowel tests, it has been clar-
ified that peeling of an FRP sheet–concrete
interface under dowel force can be divided into
four stages so called linear, unstable, stable, and
self-propagation stage.

(2) It is found that the interface peeling angle keeps
constant during self-propagation peeling stage of
any FRP sheet–concrete interface under dowel
action regardless of its material components.
Based on that, analytical model showing the rela-
tionships among dowel force, peeling angle and
spalling fracture energy can be formulated.

(3) The proposed analytical model gives a solution on
calibrating the spalling fracture energy of an FRP
sheet–concrete interface from the obtained dowel
force resistance. On the other hand, the calibrated
spalling fracture energy can be used for predicting
the dowel force resistances of FRP sheet–concrete
interfaces.
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(4) Experimental evidences show that the interface
spalling fracture energy increases with concrete
strength, but decreases with increasing the FRP
stiffness and adhesive elastic modulus.

(5) The present study shows that exposing the coarse
aggregate heavily and using low elastic mod-
ulus but highly ductile adhesive are efficient
solutions to improve the interface dowel force
resistances. But there is no clear evidence show-
ing that increasing FRP stiffness can improve the
interface dowel resistance based on the present
database, although it can increase dowel capac-
ity at first peeling point, which is rather sensitive
to the interface flaws near the loading point and
can not become a parameter for design purpose.
Of course, increasing the FRP stiffness can bring
smaller peeling angle and consequently can help
decrease the dowel deformation.
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ABSTRACT: For experimental studies a test set-up has been developed, in order to simulate geometrical
and mechanical conditions between two cracks of a post-strengthened concrete slab. Five test series with 37
tests have been carried out. These tests were bonding tests without a relative crack-surface displacement. A
3-dimensional finite element model with solid and shell elements has been used for numerical calculations. This
paper undertakes to describe the results of three of these test series as well as portraying the results of a finite
element calculation.

1 INTRODUCTION

Post-strengthening concrete structures with steel-
plates has been in use since the end of the 1960s.
Extensive theoretical and experimental studies have
led to suitable guidelines for the post-strengthening of
slabs and beams; e.g. (Jansze 1997). These theories
assume that stress peaks at the plate end cause bond
failure.The stress peaks are induced by the eccentricity
of tension forces at the end of the steel–plate.

CFRP-strips have been used since the 1990s to
increase the load-bearing capacity of concrete struc-
tures. CFRP-strips are much thinner than steel-plates.
Therefore, the stresses resulting from the distance
between tension force in the laminate and the adhe-
sive respectively the concrete surface are negligibly
small.

Although these facts are well known and vari-
ous tests (Kaiser 1989, Deuring 1993, Seim et al.
1999, Sebastian 2001, Seim et al. 2003) have shown
that failure of concrete slabs strengthened by the use
of externally bonded CFRP-strips always starts in a
section where high shear forces and high bending-
moments exist (see Figure 1 area B), experimental
investigations on bond and anchoring were restricted
to the situation at the end of the laminate (see
Figure 2 area A); see e.g. (Neubauer 2000), (Nieder-
meier 2001) and (Chen & Teng 2001). Reasons for
debonding are stress peaks at flexural cracks and shear
cracks respectively. Additionally to the crack open-
ing, a relative displacement resulting from shear forces
seems to be of relevance, because supplementary nor-
mal stresses between laminate and concrete surface
are induced. To simulate a section of high shear forces
and high bending moments, a new test set-up had to be

Figure 1. Bending member strengthened with CFRP-strip.
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Figure 2. Test set-up.

developed. With the results of 5 test series (ZRE 1,
ZRE 2, ZRE 3, ZRE 4 and ZRE 5) the test set-up was
upgraded to apply a relative displacement and three
test series (ZRE 6, ZRE 7 and ZRE 8) with relative
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displacement will follow. Next to the experimental
investigations, finite element calculations were carried
out to recalculate the test results.

2 TEST SET-UP

2.1 Anchorage bodies

The test set-up consists of the test specimen (a con-
crete block with two bonded CFRP-laminates), two
anchorage-bodies and two jacks. In order to use the
anchorage-bodies repeatedly, they were made of steel
instead of concrete.This kind of anchorage-body saves
time and alleviates the installation of the test-setup.
The laminates are clamped to the anchorage-bodies by
contact. Tests to check the suitability of the anchorage-
bodies have shown that the contact pressure is suf-
ficient to hold the laminate without any slip of the
CFRP-laminate effecting the test results.

2.2 Dimensions

In 1998, 14 full-scale slabs post strengthened by
use of CFRP-strips were tested at the University of
California, San Diego (Seim et al. 1999). These slabs
were uniaxially spanned. Crack distances for the tests
lay between 75 mm and 330 mm. Results of calcula-
tions based on equations for admitting crack widths
(Neubauer 2000) showed similar values.

For the test series 200 mm were chosen for the
length of the concrete-block to represent the crack
distance. The dimensions of the concrete blocks were
200 mm × 300 mm × 200 mm.

2.3 Material parameters

The compression strength of the concrete lay between
22.8 (series ZRE 5) and 41.6 (series ZRE 3) N/mm2.

Material values of the adhesive, Ispo concretin
SK 41 and stoPox SK 41 (StoPox SK 41, 2003), were
taken from producer’s designation. The compression
strength was denounced with more than 100 N/mm2,
the bending tensile strength with more than 30 N/mm2

and the Young’s modulus with about 11,000 N/mm2.
The ultimate tensile strength of the uni-directional

laminate, S&P Laminates CFK 150/2000 (width:
50.0 mm; thickness: 1.2 mm) constituted 2850 N/mm2

and the Young’s Modulus 188,800 N/mm2.

3 THEORETICAL PRINCIPLES

Figure 3 shows a section between two cracks (A
and B). Compression forces in the concrete zone (Fc
and Fc + 	Fc) are at work, the tension forces of the
steel reinforcement (Fs and Fs + 	Fs) and the tension
forces of the CFRP-strip (FL and FL + 	FL). Figure 4
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Figure 3. Forces at two crack surfaces A and B.
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Figure 4. Development of the tension forces FL and Fs for
increasing bending moment.

shows the development of the tension forces FL and Fs
resulting from the bending moment.

The force F in the equations (2) and (3) is the ten-
sion force calculated from the bending moment M
(generated by live and dead loads acting after post-
strengthening) and the average value of the inner lever
arms of the laminate zL and the steel reinforcement zs:

Before the steel-reinforcement yields, the split of
the increasing tension force F depends on the stiffness,
the inner lever arm and the proportion of the areas of
the laminate and the steel reinforcement:

and

with
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where εs0 is the pre-strain in the steel reinforce-
ment resulting from the dead load before post-
strengthening.

After steel yielding the steel is not able to take
any more tension forces (acceptance: ideal elastic–
plastic behavior of the steel reinforcement without any
plastic hardening). So the tensile force for the steel
reinforcement is calculated to

where fsy is the yielding stress of the steel.
Figure 5 shows the tension forces of the laminate at

the two crack surfaces A and B. The difference of the
laminate forces 	FL is small up to the yielding of the
steel reinforcement.After the yielding of the steel rein-
forcement the laminate has to take the whole increase
of the tension force and consequently the difference of
the force 	FL increases, too.

For the tests the small difference 	FL before yield-
ing of the steel reinforcement was neglected. With both
jacks, for example for test ZRE 2-6 (see as well the
Figures 9, 10, 11, 12 and 13) the forces were brought
up to 40 kN for each CFRP-laminate. Then the load of
jack 2 was increased until failure of the bond between
the laminate and the concrete, whereas the load of
jack 1 was held constant (see Figure 6). Four strain
gauges glued on the CFRP-strips in a distance of 0.3 m
from the concrete block made it possible to control the
load path.
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AL, EL

Ac, Ec

Figure 7. a) Equilibration bond, b) Compatibility bond,
c) Combination of equilibration and compatibility bond.

The force FL which was brought up in both jacks,
before the additional force 	FL was added, ranged
from 30 kN up to 80 kN per laminate.

The combination of two materials (e.g. laminate and
concrete) results in two types of bond for symmet-
ric respectively asymmetric loading conditions (see
Figure 7). Equilibration bond means that a force dif-
ference 	F is transmitted by shear forces from one
material to the other material (see Figure 7a). If only
one layer is exposed to symmetric load conditions,
nevertheless the other material will take a part of
the force in the section of the bonding length, trans-
mitted by shear stresses (see Figure 7b). Figure 7c
shows a possible combination of equilibration and
compatibility bond.

4 TEST RESULTS

Figures 8 and 9 show the test failure loads of the
test series ZRE 4 and ZRE 5. The compression
strength of concrete amounted for the test series ZRE
4 to 25.0 N/mm2 and for the test series ZRE 5 to
22.8 N/mm2 after 28 days. The two test series con-
tained 11 tests, six in the fourth and five in the fifth
test series. As expected, the maximum additional force
	FL decreases with an increase of FL. Values for 	FL
lay between 8 kN and 18 kN.
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Two tests of series ZRE 4 and one test of series
ZRE 5 failed preliminary due to a small incline of
the laminate to the center line of the test set-up. These
results have not been included in Figure 8 and Figure 9.

Figures 10, 11, 12 and 13 show the distribution of
composite strains εL and shear stresses τL at the inter-
face between composite and concrete for test ZRE
2-6. Strains were measured by strain gauges. Shear
stresses had been calculated from strain gradients.
The values in the legends notify the forces in the left
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laminate generated by jack 2 (FL,B) and jack 1 (FL,A);
see Figure 2. As the forces of both jacks are raised
equally, the strain gradient forms symmetrically (see
Figure 10). The maximum values of shear stresses τL
between two strain gauges have been calculated with
6.5 N/mm2 (see figure 11). As was to be expected, the
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zero-crossing of shear stresses τL lies in the middle
of the bond length. Furthermore, it is remarkable that
with increasing load the maximum of the shear stresses
moved from the edge to the center of the bond length
(see Figure 11). This was caused by shear deformation
of the adhesive and by successive destruction of the
interface between laminate and concrete. As long as
the forces of both jacks raise equally, there is a com-
bination of equilibration bond and compatibility bond
acting in the interface between concrete and laminate.

Changing to asymmetric loads with FL,A at 40 kN,
the strain gradients changed significantly (see Figure
12). The strains εL in the laminate increased at the left
side at a force of 57.6 kN from 3.9‰ up to 5.1‰. At
the middle of the left side the maximum strains εL
reached a value of 6.1‰. As expected, the strains εL in
the laminate at the right end of the interface remained
nearly constant.

It can be assumed that at a load of 57.6 kN the
substantial increase of the strains εL over the whole
interface length is caused by preceding destruction
of interface between laminate and concrete (debond-
ing). The aggregate interlock effect causes deflection
in the laminate and so accessorily shear stresses. The
maximum shear stresses τL amounted to 11.3 N/mm2.
Figure 13 shows that the zero-crossing of shear stresses
shifted from the center of bond length to the area of
the interface end with the lower load. That means that
with increasing additional force 	FL the proportion
of the compatibility bond to the equilibration bond
decreases and at least at a load at 57.6 kN, the addi-
tional force 	FL is transmitted only by equilibration
bond (see Figure 13) although a zero-crossing exists.

Figure 14 shows the displacement of the left (point
A) and right end (point B) of the interface depending
on the force FL + 	FL measured with displacement
transducers for test ZRE 2-6. For symmetric load con-
ditions, the gradients of displacement of the interface
ends are equal, too.

Between a force from 26.5 kN up to 29.4 kN the
left interface end (point A) indicates no displacement
and at a force of 1.5 kN the right interface end (point
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Figure 14. Displacements of left and right end of interface
depending on the force FL + 	FL.

B) indicates a displacement of 0.3 mm. Both were
probably caused by a slip of the displacement trans-
ducers.The calculatively corrected curves are drawn in
Figure 14, too. The displacements of both interface
ends are nearly equal up to a force of 40 kN with values
of 0.35 mm and 0.37 mm.

Failure of the bond over the whole bonding length
occurs at a maximum force FL + 	FL of 57.6 kN. At
that time the displacements account for the interface
ends 0.03 mm, 0.95 mm respectively.

It may be assumed that greater parts of the interface
are debonded and that the displacement of the lami-
nate occurs only in the direction of the higher load at
failure. This means that at the limit state only equili-
bration bond acts at the interface of concrete and the
CFRP-strip.

5 FINITE ELEMENT MODEL

To verify the test results, finite element calculations
have been carried out with ANSYS 7.0 (ANSYS
2003). Figure 15 shows the element mesh of the
test specimen, considering vertical symmetry (Engel-
hard 2001). Shell elements were used for the CFRP
strips, solid elements for the concrete and the adhe-
sive. A three-dimensional model was used, because
this makes it possible to consider the volume prop-
agation of the strains and forces respectively in the
concrete.

First, calculations were carried out with a linear
elastic material model to get a suitable mesh conver-
gence. The maximum and minimum dimensions of the
solid elements representing the concrete block were
chosen between 12.5 mm and 6.25 mm. The width of
the shell element representing the CFRP-strip had to
be at least 12 mm and at most 25 mm. The thickness
of the adhesive layer basically amounted to 2.0 mm.
Some calculations were carried out with an adhesive

Figure 15. Finite-element model of specimen utilizing
symmetry.
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Table 1. Material parameters for finite element calculation.

Young’s Compression Tensile
modulus strength strength
N/mm2 N/mm2 N/mm2

Concrete* 28,600 33.0 3.1
Adhesive 11,000 100.0 30.0
Laminate 188,000 – –

∗ poission’s ratio is assumed to 0.2.
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Figure 16. Shear stresses over bond length; results from
calculation.

thickness of about 3.5 mm and 5.0 mm. To avoid
numerical problems at the calculations, a virtual steel
reinforcement (content: 5‰) was smeared over all
elements of the concrete block.

The material parameters introduced for the finite
element calculations are documented in Table 1. The
shell elements for the laminate had a linear elastic
behavior and the solid elements for the adhesive a
bilinear elastic-plastic behavior. For the concrete fail-
ure the Willam/Warnke-criterion was applied; see e.g.
(Chen 1994). The stress–strain-relation of the com-
pression zone of the concrete is described by the
polygonal compression stress–strain diagram from
Eurocode 2, (Eurocode 2, 1992).

Debonding of laminate from concrete is demon-
strated by the collapse of the concrete elements after
tensile strength has been achieved.

Figure 16 shows the shear stresses over bond length
and Figure 17 shows the comparison of the displace-
ment of interface ends between the finite element
calculation and test ZRE 2-6.

As established by testing, the shear stresses – taken
from the surface layer of the concrete elements –
arrange themselves symmetrically under symmetric
load conditions. With increasing loads at one end on
the CFRP-strip, the zero crossing of the shear stresses
moves from the center to the less loaded margin. The
maximum stresses move with increasing loads from
the edges to the center (see Figure 16). For the finite
element calculations the aggregate interlock effect has
been considered. Therefore the shear stresses do not
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Figure 17. Comparison of the of the displacement interface
end between FE-calculation and test ZRE 2–6.

decrease down to zero after collapse of the concrete
elements.

The comparison of the deflection of the interface
ends have an equal gradient (see Figure 17). The val-
ues of the deflections from the numerical calculation
are smaller compared with the deflections measured at
the test ZRE 2-6.This means that the deflection behav-
ior of the finite element model is stiffer than the real
material behavior of test specimen ZRE 2-6.

6 CONCLUSION

Results from 3 test series on bonding behavior between
concrete surface and laminate have been documented.
Strains, shear stresses and displacements have been
portrayed and it could be shown, that the new devel-
oped test set-up is well suited for the investigations of
bonding between laminate and concrete.

Additionally numerical investigations have
been presented. Correspondence between measured
displacements and numerical results could be
demonstrated.

The test set-up was amplified in order to investi-
gate the influence of a relative displacement at a crack
surface. The aim of the experimental and numerical
investigations of bond between CFRP and concrete
is to develop a mechanical model of the debonding
phenomenon.
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and epoxy as well as of the Deutsche Forschungs-
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ABSTRACT: The interfacial behavior between FRP sheets and concrete is very important and often controls
the behavior of FRP-strengthened RC structures. A series of studies on this problem recently undertaken at
Tsinghua University in collaboration with The Hong Kong Polytechnic University in China are summarized in
this paper. The research includes: bond tests, local bond–slip relationships, and the debonding behavior and
strength of flexurally-strengthened and shear-strengthened RC beams based on tests and finite element analysis.
In particular, new finite element models were developed to gain a deeper understanding of debonding failure
mechanisms, and finite element and test results were combined in the establishment of design methods.

1 INTRODUCTION

Strengthening RC structures with externally bonded
FRP sheets and plates has become very popular over
the past decade. For shear and flexural strength-
ening of RC beams, debonding failure modes at
the FRP-to-concrete interface often govern the ulti-
mate load. Broadly speaking, the debonding problem
requires research in two aspects: (a) the local bond–
slip behavior, including the bond strength and the
local bond–slip constitutive relationship; and (b) the
ultimate debonding strength of FRP-strengthened RC
elements, including flexurally- and shear-strengthened
RC beams.

Recent research has led to many progresses in both
aspects. A number of bond strength models and bond–
slip models, as well as design models to predict the
debonding strengths of beams have been proposed.
Some valuable work has also been conducted in which
the two aspects are integrated so that the debonding
strengths of RC beams can be explained/predicted
using local bond–slip models (Chen & Teng 2003,
Teng et al. 2003). The FRP research group at Tsinghua
University, in collaboration with The Hong Kong
Polytechnic University, has completed a series stud-
ies on interfacial behavior in the past two years. These
studies have included bond tests, numerical simula-
tions, the exploration of debonding mechanisms, and

the development of design models.The outcomes from
these studies include unified interfacial models for
local bond–slip relationships and bond strengths, and
ultimate flexural and shear debonding strengths of RC
beams. This paper provides a summary of the main
results of this research program.

2 LOCAL BOND–SLIP BEHAVIOR

2.1 Experimental research

The direct-shear test is the most common method
for studying the local bond–slip behavior of FRP-to-
concrete interfaces. Twelve double-shear specimens
were tested by Tan (2002). The tests were carefully
conducted, leading to reliable results. The strain dis-
tributions in the FRP sheet in a typical specimen are
shown in Figure 1.

2.2 Finite element models for the direct-shear test

2.2.1 General
In order to better understand the debonding mecha-
nism and develop bond–slip models, finite element
(FE) models were developed. In the proposed FE mod-
els, the elements modeling the FRP plate are connected
to the elements modeling the concrete directly without
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Figure 1. Strain distributions in FRP plate.

any interface elements. Hence, debonding is modeled
as the fracture of the concrete under the FRP plate.
However, because of the shear locking problem in the
concrete constitutive law with a conventional smeared
crack model, the debonding process cannot be cor-
rectly simulated with the commonly used orthogonal
fixed angle crack model (FACM) or coaxial rotat-
ing angle crack model (RACM) (Lu et al. 2004a).
As a result, two novel FE models were proposed to
solve the problem, which are referred to as the macro-
scale model and the meso-scale model, respectively. In
the macro-scale model, the element size is relatively
large (larger than 2 mm, similar to the thickness of
the concrete layer pulled off by the FRP sheet), and a
specially-developed non-coaxial RACM is adopted for
the concrete. By contrast, in the meso-scale model, the
concrete is still modeled with the FACM, but the con-
crete element size is kept very small (0.25 or 0.5 mm).

2.2.2 Macro-scale finite element model
In the macro-scale FE model, the crack propagation in
the concrete beneath the FRP sheet has to be described
with only one or two layers of concrete elements,
so the concrete constitutive law needs to be capable
of representing the rotating cracks and the interlock-
ing effect of cracked concrete. Hence, a non-coaxial
RACM model was developed. The crack orientation is
kept perpendicular to the principal tensile stress, and
tensile softening and the shear retention factor repre-
senting the effect of shear interlocking are described
respectively by the following equations:
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Figure 2. Strain distributions in FRP plate from macro-scale
FE model.
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Figure 3. Comparison of strains in FRP between test and
macro-scale FE model.

where σnn and εnn are the direct stress and strain normal
to the crack; εcr = ft/Ec, here ft is the tensile strength
and Ec is the elastic modulus of concrete.

In this crack model, the principal stresses and the
principal strains of cracked concrete are not in
the same directions. This is why it is referred to as
the non-coaxial RACM. Based on an analysis of the
constitutive parameters in comparison with selected
test results, it is proposed that α1 = 3724, α2 = 800,
β1 = 0.5 and β2 = 0.001, respectively.

The strain development obtained from the FE model
for the specimen shown in Figure 1 is given in Figure 2.
The comparison between the FE results and the test
results is shown in Figure 3.

2.2.3 Meso-scale finite element model
Although the macro-scale FE model can correctly
simulate the debonding behavior, the physical inter-
pretations of the parameters in Eqs 1a & 1b are not
easy. Hence, a meso-scale FE model was subsequently
proposed in which the concrete is modeled with very
fine elements with their sizes being one order smaller
than the thickness of the fracture zone of concrete (0.25
or 0.5 mm). Thus, there are enough elements in the FE
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model to represent crack propagations in the concrete.
The tensile softening of cracked concrete is controlled
through the fracture energy of concrete, and by a com-
parison with selected direct-shear test results, it was
found that the following proposal by Kang (1996) is
the best among available relationships for represent-
ing the shear resistance of cracked concrete through
interlocking:

where w is the crack width and 	 is the relative slip
between the crack faces, both in mm; fc (MPa) is the
compressive strength of concrete; and τcr (MPa) is the
shear stress resisted by the cracked concrete.

A typical comparison of strains in the FRP sheet
is shown in Figure 4. The development of crack pat-
terns in the concrete from the meso-scale FE model
is shown in Figure 5. The predicted debonding pro-
cess is almost the same as that observed in the test.
With these numerical results, the failure mechanism
of debonding can be explained as follows. The shear
force in the interface causes cracking in the concrete,
and these cracks separate the concrete into a series of
meso-scale cantilever columns. With further increases
in the load, these cantilever columns fail in flexure one
by one, which results in interfacial debonding (Fig-
ure 6). A more detailed discussion of this debonding
process can be found in Lu et al. (2004b & 2004c).

2.3 Bond–slip models

Based on meso-scale FE analysis and test results,
three bond–slip models have been proposed (Lu et al.
2004c–e). The three models are referred to as the
precise model, the simplified model and the bilinear
model, respectively.

The precise model can take explicit account of the
effect of the adhesive layer, which is important when
the adhesive is much softer than those currently in
common use. The precise model is composed of an
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Loaded endFree end

(e) s=0.192mm

Loaded endFree end

(a) s=0.017mm

Loaded endFree end

5mm
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Interfacial shallow cracks Loaded endFree end

Micro-crack
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cracked concrete
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Figure 5. Propagation of cracks in concrete.
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Figure 6. Meso-cantilever column and its failure modes.
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ascending branch and a descending branch, and they
are described separately using the following equations:

where τ (MPa) is the bond stress, s (mm) is the
interfacial slip, A = (s0 − se)/s0, and B = se/[2(s0 −
se)].

The local bond strength τmax and the corresponding
slip s0 are given by

The FRP-to-concrete width ratio βw is expressed as

where bc (mm) and bf (mm) are the widths of the
concrete prism and the FRP sheet respectively. The
initial stiffness of the bond–slip model is defined by:

where Ka = Ga/ta, Kc = Gc/tc. Gc (MPa) is the elastic
shear modulus of concrete and tc (mm) is the effective
thickness of concrete whose deformation forms part
of the interfacial slip and may be taken as 5 mm. Ga
(MPa) and ta (mm) are the shear modulus and thickness
of the adhesive layer.

The parameter α controls the shape of the descend-
ing branch and is given by

where the total interfacial fracture energy Gf can be
expressed as:

The fracture energy of the ascending branch of the
bond–slip curve Ga

f can be calculated as:
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Table 1. Comparison of ultimate load between test results
and proposed models

Precise Simplified Bilinear
Model model model model

Average error (%) 0.1 0.1 0.1
Standard deviation 0.155 0.155 0.156
Correlation coefficient 0.910 0.910 0.908
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Figure 8. Comparison of strain distributions in the FRP
plate for Specimen PG1-2 tested by Tan (2002)

For normal adhesives layers, whose Ka is usually
larger than 2.5 GPa/mm, the precise model can be sim-
plified by having A = 1, B = 0 and se = 0, which is then
referred to as the simplified model.The bilinear model
has the same total fracture energy and the same coor-
dinates of the peak point of the bond–slip curve as the
simplified model.The shape of the proposed bond–slip
curves are shown in Figure 7.

Table 1 provides the statistics of comparisons of
the ultimate load between the three proposed models
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and 254 direct-shear test results found from the exist-
ing literature. Very close agreements are seen. The
strain distributions in the FRP sheet numerically pre-
dicted with the proposed bond–slip models are also in
close agreement with the test results (Figure 8). Fur-
ther extensive comparisons are available in Lu et al.
(2004d, 2004e), where it is demonstrated that the pro-
posed models are much more accurate than all existing
bond–slip models.

3 FLEXURAL IC DEBONDING IN
FRP-STRENGTHENED RC BEAMS

3.1 General

The failure mode of intermediate crack (IC) debond-
ing in RC beams bonded with tension face FRP sheets
was observed in many tests (Teng et al. 2003). At
Tsinghua University, 14 specimens were tested by Fang
(2002) to study the flexural debonding behavior. Some
design proposals were derived from these test results
(Fang 2002, Huang & Ye 2004).

To gain a better understanding of flexural debond-
ing due to intermediate cracks, the bond–slip models
presented above were used in FE simulations of RC test
beams. It was found that a direct use of these bond–
slip models did not lead to satisfactory results (Lu et al.
2004f). Subsequently, a dual debonding criterion with
the common smeared crack approach was proposed.
Furthermore, design models were established.

3.2 Experimental study

The 14 specimens of 4-point bending beams tested
by Fang (2002) were strengthened with CFRP sheets
bonded to the soffit. The dimensions of the beams are
1700 mm × 150 mm × 200 mm, with a clear span of
1500 mm. The key parameters studied are the length
of the FRP sheet, and the spacing, width and height
of the U-jackets. A typical load–deflection curve of
a specimen without U-jackets is shown in Figure 9,
while curves of specimens with different U-jackets
are shown in Figure 10, in which CB0 is the control
specimen. It can be seen that the debonding failure of
specimens without U-jackets is much more brittle than
that of beams with U-jackets.

3.3 Dual debonding criterion and
bond–slip models

A problem with the smeared crack approach in model-
ing IC debonding is that it cannot precisely capture slip
concentration near a flexural crack, so a modification
of the method was proposed.

As shown in Figure 11, if there is no flexural crack
in an element of concrete connected with the interface
element, the slip in the interface element can be well
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Figure 11. Slip fields within an interface element.

described by the shape function of the interface ele-
ment, and the proposed bond–slip models can be used
to predict interfacial debonding directly. However, if
there is a flexural crack in the concrete element, the
slip concentration near the crack cannot be properly
described by the shape function of the interface ele-
ment. Interfacial slips now occur on both sides of the
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crack, and the total amount of interfacial slip within
the element should be equal to the width of the flexu-
ral crack. Based on this observation, local debonding
can also be assumed to occur if the total slip within
an element exceeds 2s0. The adoption of this debond-
ing check to gether with the direct use of a bond–slip
model leads to what is referred to as a dual debonding
criterion (Lu et al. 2004f, Teng et al. 2004).

Based on the results of a meso-scale FE simulation
of an FRP-strengthened beam, the bond–slip behav-
ior between FRP sheet and concrete can be divided
into two types, depending on the distance of a loca-
tion on the interface to the nearest flexural crack. If
the location is far away from the flexural crack, the
bond–slip behavior can be well described by one of the
bond–slip models proposed in Section 2.3. However,
if the location is close to the flexural crack, the bond–
slip behavior is significantly different. The descending
branches of the bond–slip models in Figure 7 should
be replaced by a sudden drop. Based on this observa-
tion, a FE model was developed, in which the modified
bond–slip model without a descending branch is used
if an interface element fails as a result of a flexural
crack but otherwise, the original bond–slip model with
a descending branch is used.

3.4 Comparison between FE and test results

45 RC beam specimens, including those tested at
Tsinghua University, failing by IC debonding, were
simulated with the FE model described above. In all
these beams, no additional anchorage measures such as
U-jacket were used.A comparison of the ultimate flex-
ural debonding strengths in terms of the total applied
load is shown in Figure 12. The FE results are in close
agreement with the test results. Comparisons of the
load–deflection curve and the FRP strains for a typi-
cal specimen B2 tested by Fang (2002) are shown in
Figure 9 & 13. Good agreements are also seen.

3.5 Design models

3.5.1 Design model I
With the numerical results from the above FE model,
the flexural debonding process and mechanism were
examined in detail, and a design model was proposed
for the IC debonding strength (Lu et al. 2004g, Teng
et al. 2004). The interfacial bond stresses are mainly
caused by the shear force in the beam and the opening-
up of flexural cracks, and they are represented by τs and
τc respectively. Most existing flexurally-strengthened
beams were tested under concentrated loads, and for
this loading condition, the maximum shear force and
the widest flexural crack are expected to appear at the
section under the concentrated load. Thus, the extreme
values of τs and τc appear at the same section, too.
Debonding starts at this section if the sum of τs and τc
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equals to the local bond strength τmax. Furthermore, by
appropriate numerical smoothing, it was found that the
distribution of interfacial bond stress when debond-
ing starts can be approximated with two triangular
blocks, representing τs and τc respectively, as shown in
Figure 14. The length of the stress block representing
τc is close to Lee given inYuan et al. (2004), which is the
effective bond length under elastic deformation. The
expression of Lee, incorporating the bilinear bond–slip
model, is given by Yuan et al. 2004:

The length of the stress block representing τs, which
is denoted by Ld , is equal to the distance from the
loaded section to the end of the cracked region or the
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plate end if the plate is terminated within the cracked
region. Therefore, the total force in the FRP plate is:

When τs,max + τc,max = τmax, debonding occurs,
where τmax can be obtained from Eq. 3c. A factor αc
is introduced here to represent the ratio between τc,max
and τmax, i.e,

The strain εfd in the FRP sheet at the critical section
when debonding occurs can be obtained as:

Based on a regression of FE results, it is suggested
that:

With the debonding strain εfd and the plane section
assumption, the ultimate flexural debonding strength
of a beam can be calculated. The test results of 73
RC beams are compared in Figure 15 with results
given by the proposed design model, demonstrating
a close agreement. These beams include the 45 speci-
mens mentioned in Section 3.4, were all bonded with
a soffit FRP plate without additional anchorage mea-
sures, and all failed by IC debonding.The performance
of the proposed design model is much better than all
existing models (Lu et al. 2004g).
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Figure 15. IC debonding moments at the critical section:
tests versus design model I.

3.5.2 Design model II
A simpler design model for IC debonding was pro-
posed by Huang & Ye (2004). In this model, the
bond stress distribution along the interface when the
debonding is fully developed is simplified to be a
trapezoidal block. The maximum bond stress τmax was
taken to be 1 MPa if no U-jacket is used and to be
1.2 MPa if U-jackets or other additional anchorage
measures are adopted. Then, εfd is given by

This model is simpler than the more accurate model
presented above (Eq. 4e), and considers the benefit of
additional anchorage measures such as U-jackets.This
model was found to compare well with Fang’s (2002)
tests. When compared with test results from other
sources, the model is conservative (Lu et al. 2004g).

4 SHEAR DEBONDING IN RC BEAMS
STRENGTHENED WITH FRP U-JACKETS

4.1 Experimental research

RC beams strengthened with FRP U-jackets generally
fail by shear debonding (Chen & Teng 2003). Fourteen
beams were tested by Tan (2002) and eleven of them
were strengthened with FRP U-jackets, including car-
bon and glass FRP sheets. Based on these test results
and FE analysis, a shear strengthening design model
has been proposed.

4.2 Finite element simulation

In order to better understand the shear debonding
mechanism of RC beams strengthened with FRP
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Figure 16. Load–deflection curves of a shear-strengthened
beam.

Figure 17. Comparison of strains in the FRP across the
diagonal shear crack.

U-jackets, a FE model was set up to simulate such
debonding behavior. A bond–slip model similar to that
given in Section 2.3 was adopted in the FE analysis.
The shear behavior of the RC beam model is governed

by the shear retention factor in the smeared crack con-
crete model (Zhang & Ye 2004). A shear retention
factor of 0.06 was found to give predictions in best
agreement with Tan’s (2002) test results. Typical com-
parisons between FE results and test results are shown
in Figure 16 and Figure 17. In Figure 16, the load–
deflection curve from the FE model lies very close
to that from the test. In Figure 17, the strains in the
FRP across the diagonal shear crack from FE analy-
sis and the test are compared and the curves are again
close to each other. Hence, the FE model successfully
simulated the shear debonding phenomenon.

Based on the test and FE results, a design proposal
for the contribution of the FRP sheets to the shear
strength was developed, which is given as:

where Afb (mm) is the area of the FRP sheet above
the diagonal shear crack. If τmax is given by Eq. 3c,
then kf = 0.25, which leads to accurate but slightly
conservative predictions for Tan’s (2002) tests. It was
found that kf is related to the shear span ratio. This
proposal will be improved in future research.

5 CONCLUSIONS

Intensive recent research at Tsingua University in
collaboration with The Hong Kong Polytechnic Uni-
versity has examined different aspects of the inter-
facial behavior between FRP sheets and concrete.
Both experimental and numerical investigations have
been carried out. Based on this recent research, the
following conclusions may be drawn:

(1) Through the use of an appropriate concrete con-
stitutive law, the debonding process observed in
the direct-shear test can be correctly simulated
without the use of interface elements. Further-
more, local bond–slip models can be derived from
numerical results, in conjunction with test results.
The local bond–slip model should be composed
of an ascending branch and a descending branch.
The tensile strength of concrete is the main factor
that governs the shape and the area (i.e. interfacial
fracture energy) of the bond–slip curve unless a
very soft adhesive layer is adopted.

(2) A bond–slip model established on the basis of
direct-shear tests can be applied to simulate
debond-ing in RC beams shear- or flexurally-
strengthened with FRP. However, two aspects
should be paid particular attention if the con-
ventional smeared crack model is used to model
concrete. First, slip concentration near a flexural
crack cannot be correctly described by the shape
function of an interface element. Hence, an addi-
tional debonding criterion is needed to take this
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slip concentration into account. Second, the bond–
slip behavior of a point on the interface near a
flexural/shear crack is different from that estab-
lished from direct-shear tests. At such locations,
the interfacial behavior can be correctly modeled
by dropping the descending branch.

(3) Details of a debonding failure cannot be easily
observed in tests. With appropriate FE models,
debonding mechanisms can be clearly understood.
In addition, accurate design models can be pro-
posed based on the FE and test results. Several
such models have been introduced in this paper.
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ABSTRACT: External bonding of fiber reinforced plastic (FRP) strips to reinforced concrete (RC) beams has
been widely accepted as an effective method for strengthening. The ultimate flexural strength of strengthened RC
beams can be significantly improved, but often at the expense of ductility of the beam. This paper reports a recent
study regarding the influence of FRP strips with tapered ends on structural performance of strengthened RC
beams. The tapered FRP strips studied here consisted of FRP layers with continuously varying thickness at the
ends. The four point bending experiments indicate that the use of taper ended FRP strips enhanced both the load
capacity and the corresponding deflection, compared to the beams bonded with normal FRP strips.The numerical
study based on the finite element method (FEM) suggests that these improvements arose from the reduced stress
concentrations at the ends of FRP strip, which in turn resulted in delayed crack initiation from them.

1 INTRODUCTION

On account of deterioration caused by aging and envi-
ronment and poor routine maintenance, as well as the
requirements to increase the load carrying capacity
and to change the use of structures, the needs for reha-
bilitation and upgrading of reinforced concrete (RC)
structures are becoming increasingly apparent. Vari-
ous methods for strengthening and rehabilitation of
RC structures have been developed in the past several
decades. Amongst these methods, external bonding
of fiber reinforced plastic (FRP) strips to the beam
tensile face has been widely accepted as an effec-
tive and convenient method, because FRPs possess
a number of beneficial characteristics including high
strength and stiffness, high resistance to corrosion
and chemicals, light weight due to low density, as
well as reduced maintenance of strengthening system
and mechanical fixing (Buyukozturk & Hearing 1998,
Saadatmanesh & Malek 1998, Teng et al. 2002).

These studies found that the FRP strips increased
the strength and stiffness of the beam, but reduced its
ductility. The improved ultimate loading capacity was
often impaired by premature failure modes in bend-
ing, such as concrete cover separation initiated from
the cut off point of FRP strips and further fracture with
cracks propagating along the steel rebar on the tension

side (Gao et al. 2004). In an effort to delay these local
failure modes, many measures have been suggested,
such as the use of end anchors to wrap around the FRP
strip ends (Garden & Hollaway 1998), and the termi-
nation of FRP strips near the supports (El-Mihilmy &
Tedesco 2001, Gao et al. 2004). Another alternative
method is the application of tapered end in FRP strips.
In the design of adhesive bond repairs, tapering has
been widely applied to avoid premature failure by
reducing the adhesive peel stresses (Baker & Jones
1998, Chalkley & Baker 1999). When the taper ended
FRP strips are applied to strengthen RC beams, the
FRP strip thickness can be varied gradually at cut off
points by arranging appropriate length in each layer.
Very few studies have so far been conducted to inves-
tigate the effectiveness of taper ended strips and to
optimize important tapering parameters for maximum
benefits of FRP reinforcement (Takeda et al. 1996).

The two major local failure mechanisms of strength-
ened RC beams, such as delamination of FRP strip
and concrete cover separation, often originate from
the interfacial cracks at FRP strip ends due to stress
concentrations. These stress concentrations have been
studied using analytical models and the finite element
method (Gao et al. 2002, Malek et al. 1998). As a con-
tinuation of our previous studies (Gao et al. 2004),
this paper investigates the effect of taper ended FRP
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strips on the structural performance of strengthened
RC beams, in terms of loading capacity and ductility,
based on four point bending experiment. The stress
profiles along the FRP-concrete interface, including
the principal, normal and shear stresses, were specifi-
cally studied based on the finite element analysis to
correlate the findings on local failure mechanisms
affected by the taper ended strips. Special emphasis
was placed on the changes in stress concentrations at
the FRP strip ends for different conditions of taper
ended FRP strip.

2 EXPERIMENTAL PROGRAM

2.1 Materials

The RC beams were prepared using concrete (supplied
by Kin Hing Concrete Company Ltd), which con-
sisted of coarse aggregate, sand, cement and water.The
strength of concrete was measured from the compres-
sion test of a series of cylindrical specimens of 100 mm
in diameter and 200 mm in height. The compressive
strengths of the concrete were 47.8 MPa and 62.1 MPa;
and the elastic moduli were 32.5 GPa and 37.1 GPa in
terms of ACI Building Code 318-83, respectively, for
the first and second group specimens. Two kinds of
steels were applied, including hot rolled, high yield
steel and mild steel. The stirrups and the compres-
sive longitudinal steel rebars were made of mild steel
of 8 mm in diameter. The tensile longitudinal rebars
were made of hot rolled, high yield steel of 10 mm in
diameter. The modulus and tensile yield strength of
the steel were 200 GPa and 460 MPa, respectively, as
measured from the tensile test. The carbon fiber rein-
forced plastic (CFRP) strips used in this work were
basically the same as that used in our previous studies
(Gao et al. 2001, Gao et al. 2003), namely MRL-T7-
200 (supplied by Reno Carbon Fiber), a unidirectional
carbon fiber reinforced epoxy prepreg with a nominal
tensile strength of 4.2 GPa and a modulus of 225 GPa.
The adhesive used to bond the CFRP onto the con-
crete consisted of an epoxy resin (MRL-A3), a primer
(MRL-A2) and a hardener (MRL-B2). The primer was
used to enhance the bonding, which was a mixture of
epoxy primer and hardener in the ratio of 100:35 by
mass. The resin was a mixture of epoxy resin and hard-
ener in the ratio of 100:35 by mass. The cured resin has
a nominal tensile strength of 29.8 MPa and a modulus
of 1 GPa.

2.2 Specimen fabrication and flexural test

A total of ten RC beams were fabricated to character-
ize the structural performance of the beams with FRP
strips in four point bending test, and the details of exter-
nal FRP strip reinforcements and taper conditions are
summarized in Table 1.

Table 1. Summary of specimens for four point bending test.

Taper Deflection
Beam Taper distance Maximum at failure
designation condition (mm)* load (kN) (mm)

(1st group) No FRP – 68.6 19.0
1T0
(1st) 1T6LN No taper – 116.2 7.5
(1st) 1T6L1a Taper in 1 50 138.6 9.7
(1st) 1T6L2a Taper in 2 50 130.2 8.8
(2nd group) No FRP – 71.3 27.8
2T0
(2nd) 2T6LN No taper – 135.9 8.0
(2nd) 2T6L1a Taper in 1 50 139.6 8.7
(2nd) 2T6L2b Taper in 2 100 146.6 9.9
(2nd) 2T4LN No taper – 133.3 10.6
(2nd) 2T4L1a Taper in 1 50 137.7 11.4

*The taper distance representing the length difference
between both close taper layers at each side.
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Figure 1. Dimensions of the FRP strengthened reinforced
concrete beam.

All RC beams had the same overall cross sec-
tional dimensions, internal longitudinal reinforce-
ment and stirrup arrangements. They were 200 mm
high × 150 mm wide × 2000 mm long, with 25 mm in
concrete cover depth. The beams were reinforced with
10 mm steel rebars on the tension side and 8 mm steel
rebars on the compression side. 8 mm stirrups were
added at a 75 mm center-to-center spacing as shown
in Figure 1. The steel reinforcement ratio was about
0.86%. All beams were overdesigned in shear to avoid
conventional shear failure. Before bonding the FRP
strips, the concrete surface on the soffit of the beams
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Figure 2. Configurations of various tapered ends of FRP.

was roughened using a jet chisel to remove all lai-
tance and to expose the aggregates. The rough surface
was then cleaned with water and compressed air. A
primer, consisting of primer (A2) and hardener (B2),
was applied to cover the roughened surface.The CFRP
sheets were bonded to the concrete surface using the
adhesive consisting of epoxy resin (A3) and hardener
(B2). Finally, a resin overcoat was applied on top of the
CFRP sheets, followed by curing at room temperature
for a week.

The FRP strips used were 150 mm wide, 1460 mm
long, and 0.44 mm or 0.66 mm thick (with 4 or 6 layers
of FRP sheet). Six different taper end configurations
are shown in Figure 2, consisting of taper in each layer
and every two layers with different taper distances.

The four point flexural tests of strengthened RC
beams were performed on an MTS810 universal
testing machine with a maximum load capacity of
500 kN under the displacement control mode. The
load-displacement data were automatically recorded
using a data logger. The specimen supports consisted
of a pin support and a roller support at two ends.
The inner and outer loading spans were 500 mm and
1500 mm, respectively. Three linear variable displace-
ment transducers (LVDTs) were used to measure the
deflection of the beam at the positions of mid span and
two loading points.

2.3 Results and discussion

The load vs midpoint-displacement responses of the
strengthened RC beams are shown in Figure 3, and the
summary of ultimate failure loads and the correspond-
ing deflections are presented in Table 1. As a result of
strengthening with CFRP strips, there were signifi-
cant increases in ultimate failure load and reductions
in deflection capacity. The four or six layers of CFRP
reinforcement in the second group gave rise to remark-
able strength gains of 87% and 90.6% over the control
beam 2T0 without CFRP, respectively. This result was
at the expense of reduced deflection capacity to 38.1%
and 28.8%, respectively, of that of the control beam
due to the premature concrete cover separation. The
beams 1T0 and 2T0 without CFRP showed typically
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Figure 3. Load vs midpoint displacement records of four
point bending tests.

ductile flexural responses. After yielding of tensile
steel reinforcement, concrete crushing occurred at the
inner loading span of the beam’s upper part due to the
high compressive stress concentration. All samples,
except the beams 1T0 and 2T0, exhibited concrete
cover separation as the principle failure mode. After
crack initiation in concrete near the end of CFRP
strip, debonding of the CFRP strip occurred gradually
with lumps of concrete detached from the longitudi-
nal steel rebar. This observation further confirms that
the externally bonded CFRP strips could increase the
strength and stiffness of RC beams, but would reduce
the ductility.

To study the effects of taper ended FRP strips,
different taper configurations were investigated and
the experimental results are discussed in the fol-
lowing. Figure 3 suggests that the FRP strips with
tapered ends improved the strengthening performance
in terms of increased loading capacity and deflec-
tion at failure. The larger the number of tapers used,
the more improvement in strengthening performance.
The beams 1T6LN, 2T6LN and 2T4LN without tapers
in FRP strips showed ultimate loads of 116.2 kN,
135.9 kN and 133.3 kN and the deflections at fail-
ure of 7.5 mm, 8.0 mm and 10.6 mm, respectively.
When the FRP strip ends were tapered at a distance
of 50 mm in each layer (i.e. beams 1T6L1a, 2T6L1a
and 2T4L1a), the enhancements of the ultimate load
were 19.3%, 2.2% and 3.0%, respectively. The corre-
sponding increases of deflection at failure were 29.3%,
8.8% and 7.6%, respectively. If the number of tapers
was decreased from taper in 1 to taper in 2 (say beam
1T6L2a), the improvements over the beam without
taper decreased, namely 12.1% and 17.3% in load-
ing capacity and deflection (compared to 19.3% and
29.5% for beam 1T6L1a, respectively). The taper dis-
tance was also an important parameter that affected
the strengthening performance. When FRP strips with
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tapered ends were used, there were negligible changes
in beam stiffness and in major failure mode.

Nevertheless, marginally more shear/flexural cracks
occurred in the vicinity of FRP tapered ends, along
with concrete cover separation from the FRP end. The
efficiency of tapered ends in improving the strengthen-
ing performance of FRP strips was further confirmed
by the reduced stress concentrations at the end of the
FRP, as predicted in a finite element analysis discussed
below.

Since the concrete strengths in two groups were
different, their influences on the performance of RC
beams need to be clarified. The increase in concrete
strength from 47.8 MPa to 62.1 MPa resulted in the
improvements in ultimate strength and displacement
from 68.6 kN and 19.0 mm (for virgin RC beam 1T0)
to 71.3 kN and 27.8 mm (for beam 2T0), respectively.
With the FRP strips bonded, the effect of concrete
strength on RC beam strength became less sensitive.
Enhancements of 17% in maximum load and 6.7%
in midpoint displacement were noted for the beam
2T6LN over the beam 1T6LN due to the higher con-
crete strength. When the taper ended FRP strips were
bonded, the benefits of stronger concrete material
completely vanished, or even resulted in negative influ-
ence: the beam 2T6L1a with a higher concrete strength
showed an increase of only 1% in maximum load with
a concomitant reduction of 10% in deflection than the
beam 1T6L1a. In summary, the higher the concrete
strength, the higher the loading capacity and ductility
of RC beams without FRP strip reinforcement. With
the FRP strips bonded, the benefits of high concrete
strength on maximum load and displacement of RC
beam decreased significantly, in particular those with
taper ended FRP strips. Decreased stress concentra-
tions at the FRP end due to higher concrete strength
was mainly responsible for these observations, which
will be further proven by the FEM analysis.

3 NUMERICAL ANALYSIS

3.1 Finite element method

An FE code ANSYS 5.7 was used in the finite element
analysis. The strengthened RC beam model consisted
of an FRP strip bonded with an adhesive layer to the
RC beam, which was loaded in four point bending.The
reinforcing steel bar was modelled as one-dimensional
link elements, while quadrilateral eight-node plane
stress elements were used for all other components.
The symmetric loading geometry of the test allowed a
2D analysis of a half-beam. At the symmetric axis of
the beam, the nodes were tied to the boundary, allow-
ing displacements only in the vertical direction. To
ensure sufficient accuracy of the results the elements
in the vicinity of CFRP strip ends were refined, where
stresses were highly concentrated. Figure 4 shows the

Loading point

Support

Figure 4. 2D FE model with a mesh refined at CFRP
strip end.

model and the mesh near the CFRP strip end. The
total number of elements and nodes in the baseline
model were varied in terms of the simulated object,
e.g. 6096 and 17902 for the case of 1T6L2a, respec-
tively.All components used in the model were assumed
to be isotropic and linear elastic, and the FRP-concrete
interface was perfectly bonded.The Poisson’s ratio was
assumed to be 0.2 for concrete, 0.3 for steel and 0.35
for adhesive and CFRP. The mechanical properties of
the components are described in Section 2.1.

3.2 Results and discussion

3.2.1 Effect of tapered end
To study the influence of taper ended FRP strips, three
cases with/without tapered ends for the specimens in
the first group were simulated, including the beams
1T6LN (no taper), 1T6L1a (taper in each layer, with
50 mm in taper distance) and 1T6L2a (taper in every
two layers, with 50 mm in taper distance). The changes
in stress distribution along the concrete-FRP interface
and stress concentrations at the FRP ends due to taper
are specifically discussed in the following.

Typical stress profiles as a function of position from
the CFRP plate end for different taper configurations
are shown in Figures 5, 6 and 7, respectively for the
principal, normal and shear stresses. The maximum
stress values at the end of FRP strips are summarized
in Table 2, along with percentage reductions in these
stresses compared with those for the beams bonded
with normal FRP strips without taper.

The principal stress showed a concentration at the
end of FRP and a reduction in a short distance, fol-
lowed by a linear surge toward the plateau value in the
majority of the outer span of the loading jig. Within
the inner span of the loading jig, the principal stress
was constant due to the constant bending moment.
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The stress concentrations of the normal (Figure 6) and
shear (Figure 7) stresses components were more pro-
nounced than the principal stress component within
15 mm from the FRP plate ends.

There was negligible normal stress component for
the FRP strip without taper for the majority of beam
length, except the FRP end. However, the normal
stresses for those containing tapers exhibited charac-
teristic rapid ups and downs at the taper corners due to
the abrupt changes in local stiffness associated with the
FRP thickness (Figure 6). Similar characteristic rapid
increases and decreases of shear stress components
were seen for those with tapers (Figure 7).
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Figure 5. Influence of taper ended FRP on principal stress
distribution along the concrete-FRP interface.

Table 2. Summary of stress concentrations at the end of FRP for all cases.

Principal Normal Shear
Taper stress stress stress

Taper distance (decrease) (decrease) (decrease)
Beam condition (mm) (MPa, %) (MPa, %) (MPa, %)

1T6LN No taper – 0.934 (0) 0.181 (0) 0.096 (0)
1T6L1a Taper in 1 50 0.687 (26) 0.075 (59) 0.038 (60)
1T6L2a Taper in 2 50 0.771 (18) 0.111 (39) 0.057 (41)
2T6LN No taper – 0.892 (0) 0.161 (0) 0.086 (0)
2T6L1a Taper in 1 50 0.672 (25) 0.066 (59) 0.033 (62)
2T6L2b Taper in 2 100 0.747 (16) 0.091 (44) 0.046 (47)
2T4LN No taper – 0.814 (0) 0.129 (0) 0.067 (0)
2T4L1a Taper in 1 50 0.672 (18) 0.066 (49) 0.033 (51)

* Decrease representing the reduction of stress due to individual taper over the stress for the
corresponding beam without taper.

-0.05

0.00

0.05

0.10

0.15

0.20

0 100 200 300 400 500 600 700

Position from the FRP end (mm)

N
or

m
al

 s
tr

es
s 

al
on

g 
th

e
 in

te
rf

ac
e 

(M
P

a)

-0.05

0.00

0.05

0.10

0.15

0.20

0 5 10 15 20

Position from the FRP end (mm)

N
or

m
al

 s
tr

es
s 

al
on

g 
th

e
in

te
rf

ac
e 

(M
P

a)

1T6LN (no taper)

1T6L2a (taper in 2, 50mm)

1T6L1a (taper in 1, 50mm)

Figure 6. Influence of taper ended FRP on normal stress
distribution along the concrete-FRP interface.
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Figure 7. Influence of taper ended FRP on shear stress
distribution along the concrete-FRP interface.
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Another interesting observation is that the con-
centrations of all stress components studied at the
FRP strip end were reduced significantly by apply-
ing tapers: the more the tapered strip the larger the
reduction in stress concentration (compare 1T6L1a vs
1T6L2a, Table 2). Among the second group of spec-
imens with six FRP layers, the beam 2T6L1a with
taper showed 25%, 59% and 62% reductions of princi-
pal, normal and shear stresses, respectively, against the
beams without taper (2T6LN); and for those strength-
ened with four layers of FRP, the beam 2T4L1a with
taper showed 18%, 49% and 51% stress reductions
compared to the beams without taper (2T4LN).

These stress reductions can delay the crack initi-
ation from FRP ends, which in turn contributed to
increasing the load capacity of RC beams. The local
changes in FRP strip thickness at its ends due to the
tapering showed little negative influence on the stiff-
ness of the whole beam stiffness. This means that the
improved maximum load can impart a higher ductil-
ity of the beam. This hypothesis was in part proven by
the experimental result in that the application of taper
ended FRP increased both the load capacity and the
corresponding deflection at failure.

The RC beams with more tapered steps resulted
in larger stress reductions than those with the same
FRP thickness and less number of tapered steps, which
agreed well with experiment. For example, the beam
1T6L1a with six tapered steps showed 26%, 59% and
60% reductions, respectively, for the principal, normal
and shear stress components, compared to the con-
trol beam without taper; whereas the beam 1T6L2a
with three tapered steps showed 18%, 39% and 41%
reductions.

3.2.2 Effect of concrete strength
The experiments have shown that the higher concrete
strength could give rise to a higher load capacity
regardless of FRP arrangement, and a higher bending
deflection in most cases. These observations can also
be confirmed by the FEM analysis presented above.
In general, a higher compressive concrete strength
showed a higher elastic modulus.The effect of concrete
strength can be shown by varying the corresponding
elastic modulus in the FEM models. With an increase
of concrete strength and elastic modulus as well, the
beam 2T6LN obtained smaller stress concentrations
than the beam 1T6LN under the same loading con-
ditions. The reductions in stress concentration were
4.5%, 11.1% and 10.4%, respectively for the principal,
normal and shear stresses. Furthermore, the stress con-
centrations at the end of FRP for the beam 2T6L1a with
a higher concrete strength were 2.2%, 12% and 13.2%
lower than that for the beam 1T6L1a, respectively.

Since all strengthened RC beams tested in this study
failed by concrete cover separation, the principal stress
at the end of FRP was considered as the most dominant

stress component that initiated the failure. It is inter-
esting to note that the sensitivity of principle stress
on concrete strength was reduced when taper ended
FRP strips were used. For example, for the beams with
normal FRP, a higher concrete strength gave rise to a
principal stress reduction of 4.5% (2T6LN compared
to 1T6LN); in comparison, for the beams with taper
ended FRP strips, only 2.2% reduction was obtained
due to higher concrete strength (2T6L1a compared to
1T6L1a).As a result, only a negligible (1%) increase in
load capacity was obtained in experiment when taper
was applied, which was well below the enhancement
of 17% for the FRP strips without taper. This suggests
that the effect of concrete strength on structural per-
formance of RC beams diminished gradually when the
beams were strengthened with FRP strips, especially
with those with tapers. In other words, the tapered
end of FRP improved significantly the effectiveness
of applying FRP strips, and maximized the efficiency
of FRP. Therefore, if one attempts to optimize the
efficiency of FRP to strengthen RC beams, applying
tapered ends in FRP strips is a very useful point to
be considered. In addition, the tapered end concept is
also very attractive from the viewpoint of material cost
reduction because of the expensive CFRP prepreg. For
example, the beam 1T6L1a with six steps of taper can
reduce the total consumption of FRP prepregs by about
17% compared to the control beam 1T6LN without
taper.

4 CONCLUSIONS

External bonding of FRP strips to RC beam has been
widely accepted as an efficient and convenient method
for strengthening the beams. The FRP strips increase
the strength and stiffness of the concrete structure, but
reduce the ductility.The high ultimate loading capacity
is often impaired by premature failure modes, such as
concrete cover separation. In this paper, to improve the
flexural performance of FRP strengthened RC beams,
the FRP strips thickness was gradually varied at cut
off point providing tapered ends.The flexural test indi-
cates that the beams with FRP strips with tapered ends
improved the strengthening performance, in terms of
loading capacity and deflection at failure. The larger
the number of tapered end in FRP sheets, the more
improvement in strengthening performance compared
to those without.

The finite element method was used to analyze the
stress distributions along the FRP strip-concrete inter-
face, including principal, normal and shear stresses
components. The numerical study indicates that there
were significant concentrations of all three stress
components at the FRP strip ends, and these stress
concentrations were reduced with the use of tapered
end. The larger the number of tapered FRP sheets, the
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lower the stress concentrations. The lower stress con-
centrations delayed the initiation of the failure, and
thus enhancing the load capacity and corresponding
ductility, which was further confirmed by experiment
findings. It is suggested that the concept of tapered
FRP ends is worthy of further study, because it does
not only increase the strengthening performance of
FRP, but also potentially reduce the expensive material
costs.
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Bond characteristics of CFRP fabrics bonded to concrete members
using wet lay-up method
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ABSTRACT: Wet lay-up method offers a great flexibility for field applications and is generally the cheapest
alternative among other methods to bond fibre reinforced polymer composites to concrete. Understanding the
characteristics of the bond formed by this method is essential for its strengthening applications. In this study,
twenty-two single shear-lap tests are carried out. The parameters varied are FRP bond length, FRP thickness and
support block height. Two main failure types were observed; interfacial failure in the concrete layer just below
the bond surface and shear tension failure propagated inside the concrete block. The test results are used to verify
an analytical model, in which interfacial behaviour is idealised using a bond-slip relationship and the cracking
inside concrete is modeled with smeared cracks. This model proved to be able to represent the behaviour of the
shear-lap blocks quite adequately.

1 INTRODUCTION

Strengthening reinforced concrete members using
fibre reinforced polymers (FRP) has emerged as a
potential method to address their strength deficiency
problems. The most widely used method is to bond
FRP on to concrete using wet lay-up method. In this
method, the composite and bonding are formed at the
same time. Epoxy resin functions as the medium to
transfer shear stress both between fibres and between
fibres and concrete. Wet lay-up method offers a great
flexibility for field application and is generally the
cheapest alternative among other methods of bonding.

The mechanical performance and durability of FRP
in strengthening application depends primarily on the
bonding with the structure. The current quality of the
epoxy adhesives has proved to be efficient to trans-
fer the stresses between FRP and concrete. However,
FRP still tends to delaminate or debond from con-
crete. The reason is that the bond stress is transferred
only in a limited area due to the existence of effective
bond zone. This lead to local shear stress concentra-
tion. Stress concentration may also result from the
discontinuity near the end of FRP.The problem is com-
pounded by the fact that concrete has relatively low
shear strength. Therefore, premature failure tends to
occur in the concrete adjacent to the bonding interface.
As a consequence, when the amount of FRP material
is increased, the strength of FRP available for design
can decrease significantly.

Consequently, to be able to design FRP for strength-
ening, understanding of bonding and debonding

mechanisms is essential.The bond behaviour is depen-
dant on numerous factors including but not limited
to adhesive properties, FRP properties, concrete sub-
strate, concrete surface preparation, concrete strength,
adhesive thickness, FRP thickness and FRP bonded
area. In the present study, only FRP thickness and FRP
bonded area were investigated using a simple shear-lap
test set-up. A non-linear finite element model is also
implemented to simulate the test.

2 PREVIOUS RESEARCH

2.1 Experiments

Substantial experimental work exists on shear-lap
testing. There is a great variation in test configura-
tions, laminate types, adhesive types and specimen
dimensions. There are also a variety of failure modes
reported.Therefore, a summary of test set-ups and fail-
ure types is presented first. It is followed by descrip-
tion on a general trend in the behaviour observed in
those tests.

Figure 1 shows three most commonly used set-ups:
double pull-pull test, single pull-push test and bend-
ing test. Double pull-pull test is the most frequently
reported. The main advantage is that FRP does not
need to be anchored. Single pull-push test is also used
widely. The main advantage is the reduced use of FRP
and concrete materials.The third type of shear-lap test-
ing is by bending a concrete beam. FRP is bonded
across a saw cut in the middle.
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Figure 2 shows five observed failure modes
reported in literature (Neubauer and Rostasy, 1997;
Chen and Teng, 2001;Yao et al., 2002). The first mode
is shear tension failure, which occurs when cracks start
at the unloading end of FRP and propagate deep into
the concrete block. This tends to happen when the lam-
inate stiffness is significant. The second type is FRP
tensile rupture, which may occur if FRP area is small
enough. Cohesion failure through adhesive, has also
been reported. Delamination can also occur within
FRP layers. These modes are not common especially
for normal strength concrete which has a low shear
strength compared to that of adhesives and FRP. The
fifth mode is the most commonly observed. Concrete
fails a few millimetres beneath the concrete-adhesive
interface. A concrete prism can also be pulled out
near the loading end. This is called interfacial bond
failure.

Despite a wide range of materials and configu-
rations used, a general trend exists in terms of the
force transfer behaviour and failure mechanisms of a
composite-concrete joint. Tension is transferred to the
concrete mainly via the shear stress in a short length
nearest to the applied load. This length is called the
effective bond length. As the load increases and crack-
ing on the concrete propagates, there is a shift of the
active bond zone toward the other end. As a result,
there exists an effective bond length Le beyond which

(a)

(b)

(c)

FRP
concrete  

concrete  

steel bar

FRP

FRP

saw cut

Figure 1. Different set-ups for shear tests: (a) Double
pull-pull test; (b) Single pull-push test; (c) Bending test.

Shear
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Figure 2. Possible failure locations.

anchorage strength does not increased, irrespective of
the bond length (Chajes et al., 1996; Maeda et al.,
1997; Lee, 2003).

3 EXPERIMENTAL PROGRAM

3.1 Test method and material properties

Single pull-push tests were used in this experi-
mental program. The concrete block sizes were
140 × 140 × 300 mm. The blocks were held down by
a steel cage as shown in Fig. 3. Two steel plates are
bonded to the other end of CFRP using epoxy for
gripping.

The process of applying CFRP to concrete involved
two main steps: surface preparation and bonding. The
concrete surface was prepared using high-pressure
water jet (4000 psi or 28 MPa) to remove the paste
and expose the coarse aggregates. This method proved
to be efficient and lead to a relatively rough surface
suitable for bonding. Before bonding CFRP, the sur-
face was vacuumed and a primer layer was applied.
Bonding operation included resin under-coating, car-
bon fibre sheet application and resin over-coating. The
curing period was 1 week at room temperature.

The blocks were loaded using a Baldwin universal
testing machine with a load range of 100 kN.They were
loaded at a rate of 0.2 mm per min for most of the time.
The blocks were instrumented with strain gauges and
LVDTs (Fig. 4).

The concrete cylinder strength was 55.6 MPa (172
days). The carbon fibre fabric used had a mean elastic
modulus of 209000 MPa and a nominal thickness of
0.176 mm. The adhesive used was MBT Saturant with
a reported elastic modulus greater than 3500 MPa.

The variables considered were the bond length L,
the number of CFRP plies and the support block clear-
ance H. Two identical specimens were prepared for
each configuration (denoted a and b).

L

H

bf

300

CFRP

steel plate gripsteel cage

140

140

Figure 3. Test set-up.

408



3.2 Test results

3.2.1 Failure modes
The specimens bonded with two plies of CFRP failed
by interfacial bond failure. Concrete just below the
bond line ruptured in shear with a thin layer of concrete
substrate still bonded to the laminate. Close examina-
tion of the failure surface revealed the type of failure
mechanism. During bonding, epoxy infiltrated into
the rough surface of concrete. The interface shear

Table 1. Variables in the experimental program and test
results.

Max. Max.
average FRP

No. Max. bond tensile
Desig- L of H bf load stress stress
nation (mm) plies (mm) (mm) (kN) (MPa) (MPa)

T1a 60 2 110 100 20.0 3.3 568
T1b 60 2 110 100 18.8 3.1 534
T2a 80 2 110 100 25.8 3.2 733
T2b 80 2 110 100 25.2 3.2 716
T3a 100 2 110 100 25.8 2.6 733
T3b 100 2 110 100 27.3 2.7 776
T4a 140 2 110 100 26.7 1.9 759
T4b 140 2 110 100 25.9 1.9 736
T5a 180 2 110 100 27.8 1.5 790
T5b 180 2 110 100 31.7 1.8 901
T6a 220 2 110 100 31.7 1.4 901
T6b 220 2 110 100 28.6 1.3 813
T7a 100 2 5 100 33.0 3.3 938
T7b 100 2 5 100 26.9 2.7 764
T8a 100 2 70 100 28.5 2.9 810
T8b 100 2 70 100 29.8 3.0 847
T9a 100 6 110 100 28.4 2.8 269
T9b 100 6 110 100 29.8 3.0 282
T10a 140 6 110 100 37.4 2.7 354
T10b 140 6 110 100 33.3 2.4 315
T11a 180 6 110 100 42.8 2.4 405
T11b 180 6 110 100 39.0 2.2 369

Figure 4. Strain gauge locations and test set-up.

strength was mainly due to the interlocking between
the epoxy and the concrete surface irregularities.When
the shear stress increased to a high value, those irreg-
ularities started to rupture with cracks propagating
both through the paste and the aggregate. Since there
were many irregularities on the surface, the crack-
ing happened gradually starting from the loading end
transferring the stress to the next bond area (Figs. 5, 6).

For most specimens failing in this mode, a tri-
angular concrete prism was also pulled off near the
loading end.

The specimens bonded with 6 plies of 100 mm bond
length failed by shear tension failure; whereas the ones
with longer bond length failed either due to shear ten-
sion failure or interfacial debonding. This was due to
the fact that the thicker the CFRP layer is, the better
the stress is transferred to the CFRP unloaded end.

Figure 5. Typical surface cracking.

Figure 6. Two failure modes.
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Figure 7. FRP strain distributions in T3a and T5a.

A major crack, therefore, tended to open up propa-
gating deep into concrete and finally terminating near
the support block location. When the bond length was
longer, the stresses near both ends of FRP were high,
resulting in inconsistency in failure modes. Another
possible reason for the inconsistency was because of
the difficulties in keeping the CFRP perfectly aligned
with the concrete block. This problem was more sig-
nificant when the CFRP layer was relatively thick due
to bending of the composites while straightening out.
This could be exacerbated due to some rotation of the
concrete block under high loads.

3.2.2 Strain, stress and slip distributions
Figure 7 shows two examples of the strain distributions
of T1a and T5a. The distributions indicated gradual
delamination from the loading end to the other end
with an effective bond length of around 100 mm.

The average bond stress between two adjacent
strain gauges has been calculated using the following
equation:

where Ef and tf are FRP elastic modulus and thickness;
εf , i + 1 and εf , i are FRP strains and 	L is the distance
between strain gauges.
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Figure 8. Bond stress–slip relationships.

The average slip is the incremental sum of the FRP
extension.

It is worth noting that in Equation 2, since the concrete
block stiffness is much higher than the CFRP stiffness,
concrete elongation is ignored.

Figure 8 shows the relationship between the bond
stress and the slip for several specimens. The curve
shows a maximum stress of around 4.2 MPa at a slip of
0.025 mm. This is adopted in our models as described
in section 4.

4 NLFEA MODELLING

4.1 Model idealisation

From the above experimental observations, a tensile
softening relationship can be adopted for the bond
stress–slip relationship. The idealised relationship, as
shown in Fig. 8, was adopted for the interface elements
between FRP and concrete in the 2D nonlinear finite
element simulation (NLFEA) using DIANA.The hori-
zontal portion of the curve is due to the fact that friction
in the debonding area can still provide some shear
resistance. The shear stress was taken to be constant at
0.2 MPa in this study.

Plane stress elements with 20 × 20 mm mesh were
used to represent concrete. Eight-noded quadrilateral
isoparametric elements were used. A smeared crack
model based on total crack strain was utilised for con-
crete cracking. Tensile behaviour was described with
a linear softening curve. The FRP was modeled using
beam elements.
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a. Finite element mesh 

b. Interface element displacements and tractions
(de Witte and Kikstra, 2003)

concrete

FRP

Figure 9. Nonlinear FEA model.
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Figure 10. Correlation between bond-slip based model and
experimental measurement.
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Figure 11. Load versus slip (at 42 mm from loading end)
curves.

4.2 Correlation

Figure 10 compares the maximum pulling force as cal-
culated by NLFEA and as measured in the experiments
for all specimens.The predictions are reasonably accu-
rate for most specimens except for T10 and T11 where
the model gives higher failure loads. This may be due
to the discrepancy in the failure mode of these speci-
mens where the combination of both interfacial cracks
and end crack lead to a lower failure, which is not cap-
tured by the FE model. The load-slip curves in Fig. 11
show an agreement between the experimental and FE
results.
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5 PARAMETRIC STUDY

5.1 Effect of FRP bond length

Figure 12 plots the maximum loads as measured and
predicted versus the bond lengths for two series of
specimens. For the specimens with 2 plies, the exper-
imental results and the predictions from the proposed
bond-slip model are very close. The curves show a
development length of about 100 mm. The maximum
loads still increase slightly for specimens with longer
bond length as the friction in debonding area becomes
more significant. The predicted curves for the series
with 6 plies show similar trend as the experiments.
However, the discrepancy becomes more significant
as the bond length increases.

5.2 Effect of FRP thickness

Thicker FRP means better stress transfer along the
bond area. However, the improvement usually does
not outweigh the waste in FRP materials. Fig. 13 illus-
trates this point showing that the effective FRP stress
is reduced significantly as the nominal fibre thickness
is increased from 0.35 to 1.06 mm.
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Figure 14. Effect of support block clearance.

5.2.1 Effect of support block clearance
Figure 14 indicates that the specimens with little clear-
ance failed at a slightly higher load. This may be due
to concrete confinement in the vicinity of the support
block.

6 CONCLUSION

An investigation into the bonding between CFRP and
concrete has been presented. The study shows two
failure mechanisms of the bond: shear tension fail-
ure and interfacial bond failure. These failures are the
result of high interfacial shear stresses near both ends
of the composite. To simulate the bonding behaviour,
a simple relationship with linear softening path and
a permanent frictional resistance is proposed. This is
incorporated in a NLFEA model. The model gives the
ultimate load reasonably close to experimental values.
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ABSTRACT: Extensive research has shown that bonding a fiber-reinforced polymer (FRP) plate to the tension
face of a reinforced concrete (RC) or steel beam can effectively enhance its serviceability and ultimate strength.
The controlling failure mode of such a strengthened beam often involves the premature debonding of the FRP plate
from the original beam in a brittle manner. A solid understanding of the cause and mechanism of this debonding
failure mode is important for the development of an accurate strength model so that this strengthening technique
can be used more effectively and economically. This paper presents a new analytical solution for the interfacial
stresses in simply supported beams bonded with a thin plate and subjected to arbitrary symmetric loads. While
the bonding of FRP plates to RC beams represents the most common application of this strengthening technique,
the present solution is generic in terms of the materials used to construct the beam and the thin plate. The solution
is represented by Fourier series and is based on the minimisation of the complementary energy. The new solution
not only takes into consideration the non-uniform stress distribution in the adhesive layer and the stress-free
boundary condition at the ends of the plate, but also correctly predicts the drastic difference in the interfacial
normal stress between the plate-to-adhesive interface and adhesive-to-concrete interface as revealed by finite
element analysis. The solution methodology is general in nature and may be applied to the analysis of other types
of composite structures.

1 INTRODUCTION

Extensive research has shown that bonding a fiber-
reinforced polymer (FRP) plate to the tension face (or
the soffit in the context of a simply supported beam)
of a reinforced concrete (RC) beam can effectively
enhance its serviceability and ultimate strength (Teng
et al. 2002a). More recently, FRP plate bonding has
also been used to strengthen steel beams. Central to the
success of this technique is the effective stress transfer
from the existing beam to the externally bonded FRP
reinforcement. Research has shown that the control-
ling failure mode of such a strengthened beam often
involves the premature debonding of the FRP plate
from the beam in a brittle manner. As this debond-
ing failure mode is closely related to the interfacial
stresses between the FRP plate and the existing beam,
extensive studies have been carried out during the last
decade on the prediction of interfacial stresses, gener-
ally within the context of RC beams strengthened with

an FRP plate, although a substantial amount of work on
interfacial stresses in steel plated RC beams had been
carried out before FRP plate bonding became pop-
uler. These include experimental studies (e.g. Garden
et al. 1998, Ahmed et al. 2001 and Bonacci & Maalej
2001); numerical studies using the linear finite ele-
ment method (e.g. Täljsten 1997, Malek et al. 1998,
Rabinovich & Frostig 2000 and Teng et al. 2002b) and
the nonlinear finite element method (e.g. Ascione &
Feo 2000, Rahimi & Hutchinson 2001, Aprile et al.
2001), discrete section analysis (e.g. Arduini & Nanni
1997) and analytical solutions (e.g. Smith & Teng
2001).This paper presents a new analytical solution for
interfacial stresses in an existing beam strengthened
with a bonded FRP or steel soffit plate.

For simply supported FRP or steel plated
beams, approximate analytical solutions for interfacial
stresses have been developed using several methods.
These include the staged analysis approach (Roberts
1989, Roberts & Haji-Kazemi 1989), the deformation
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compatibility-based approach (Vilnay 1988, Täljsten
1997, Malek et al. 1998) and the shear-lag approach
with or without considering the nonlinearity of con-
crete (e.g. Trantafillou & Deskovic 1991, Ye 2001 and
Leung et al. 2001). A thorough review and compar-
ison of the majority of these solutions can be found
in Smith and Teng (2001) where a more general solu-
tion based on the compatibility-based approach is also
given. All these solutions are based on the assumption
that the shear and normal stresses are uniform across
the thickness of the adhesive layer; they also violate
the stress-free boundary condition at the ends of the
adhesive layer.

The first solution that satisfies the stress-free
boundary condition at the ends of the adhesive layer
was developed by Rabinovich and Frostig (2000) who
treated the adhesive layer as an elastic medium with
a negligible longitudinal stiffness. This leads to a uni-
form shear stress distribution and a linearly varying
transverse normal stress distribution across the thick-
ness of the adhesive layer. This solution does not
lead to explicit expressions for the interfacial stresses.
Shen et al. (2001) proposed an alternative complemen-
tary energy approach, which resulted in closed-form
expressions for interfacial stresses in a simply sup-
ported beam under uniformly distributed loads and
symmetrical end moments. In their solution, Shen et al.
(2001) also removed the assumption that the longitu-
dinal stiffness of the adhesive layer is negligible as
used by Rabinovich and Frostig (2000). Instead, they
assumed that the longitudinal normal stress varies lin-
early across the thickness of the adhesive layer, leading
to a parabolic shear stress distribution across the adhe-
sive thickness.Yang et al. (2004) extended Shen et al.’s
(2001) work to allow for arbitrary loadings.

Although the stress distribution assumed for the
adhesive layer in Shen et al. (2001) and Yang et al.
(2004) has a higher order form than those of other
solutions, there is still one important limitation.At one
stage of their solution process, the concrete-adhesive-
FRP composite section was transformed into an equiv-
alent FRP section and the geometrical properties (e.g.
area, second moment of area) of the transformed sec-
tion were used. Whilst this process helped to establish
relationships between and thus reduce the number of
unknown coefficients so that a closed-form solution
was obtainable, this implies the partial use of the
plane section assumption for the composite section
(e.g. when the second moment of area is used) in the
solution. Clearly, this assumption cannot be satisfied
in the close vicinities of the plate ends.

This paper presents an improvement to Shen et al.’s
(2001) approach so that the use of the plane sec-
tion assumption for the composite beam is completely
avoided. Simply supported beams bonded with a
thin plate made of FRP, steel or another suitable
material and subjected to arbitrary symmetric loads

are considered in the present work. The interfacial
stresses are represented by Fourier series and the
solution is derived by minimising the complementary
energy. Singular loads (e.g. point loads) and loads with
discontinuities (e.g. patch loads) are treated as equiv-
alent distributed loads using the distribution theory
(e.g. Schwarz 1966,Yavari et al. 2000). The solution is
compared with finite element predictions for selected
examples.

It may be noted that the solution is generic in terms
of the materials used to construct the beam and the
thin plate. For example, it is equally applicable to RC
beams strengthened with steel plates or metallic beams
strengthened with FRP plates.

2 METHOD OF SOLUTION

2.1 Geometry and loading

Consider a simply supported RC beam with a span
of 2L. The bonded plate has a length of 2l (Fig. 1).
The beam is subjected to an axial force N0, a pair of
end moments M0 and a symmetrically distributed arbi-
trary transverse load q(x). It may be noted that any
thermal loading due to the difference in thermal prop-
erties between the materials for the beam and the plate

q(x)

2l
2L

y

x

M0

N0M0

N0

Figure 1. A plated beam under symmetric loads.
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(e.g. FRP, concrete, cast iron) can be easily included
in N0. The applied loading results in internal forces
Nl,Ql and Ml at the beam sections at the ends of the
plate (Fig. 2a).

A global Cartesian co-ordinate system x−y is used
with its origin being at the middle of the top sur-
face of the beam (Fig. 1). The strengthened portion of
the beam consists of three layers: the concrete beam,
the adhesive and the plate. A local coordinate sys-
tem x[i]−y[i] is adopted for each of the three layers,
with the origin being at the geometrical centre of each
layer (Fig. 2a). For ease of reference, these three layers
are denoted by superscripts [1], [2] and [3] respectively
(e.g. the thicknesses of the three layers are denoted
by h[1], h[2] and h[3] respectively). Similarly, super-
scripts (0), (1), (2) and (3) are used to denote the surfaces
and interfaces (e.g. the widths the surfaces/interfaces
are b(0), b(1), b(2) and b(3) respectively) (Fig. 2b). Note
b(0) = b(1) = b(2).

2.2 Assumptions

The present analysis takes into consideration the trans-
verse shear stress and strain in the RC beam and the
FRP plate but ignores the transverse normal stress in
them.Additionally, the following four assumptions are
adopted:

(1) each individual layer is elastic, homogeneous and
orthotropic. Note that the assumption of orthotropic
behaviour has implications only for the shear mod-
uli of the materials for the RC beam and the bonded
plate;

(2) the three layers are perfectly bonded (no slips or
opening-up at the interfaces);

(3) the Euler-Bernoulli beam theory is adopted for the
beam and the plate, whereas the adhesive layer is
considered to be in a plane stress state; and

(4) the longitudinal stress in the adhesive is assumed to
vary linearly across its thickness.

It may be noted that these same assumptions were
listed in Shen et al. (2001) and Yang et al. (2004), but
the plane section assumption was partially made use
of in their solution process as noted earlier.

2.3 Equilibrium equations of beam and plate

For the beam and plate (ith layer, i = 1, 3, see Fig. 2c),
equilibrium considerations lead to the following
relations

where N [i](x), Q[i](x) and M [i](x) are the axial force,
shear force and bending moment respectively in the
ith layer and σ

(i)
xy (x) and σ

(i)
y (x) are the shear and trans-

verse normal stresses respectively at the ith interface.
In Equation 1 and the rest of this paper, the superscript
in x[i] is omitted because the global and the three local
co-ordinate systems share the same horizontal axis.

2.4 Boundary conditions at ends of plate

The boundary conditions at the ends of the plate are

2.5 Representation of stress fields

2.5.1 Stress field in the adhesive layer
The adhesive layer is treated as an elastic continuum
without any body force. The equilibrium equations in
its local coordinate system are

where σ[2]
x , σ[2]

xy and σ[2]
y denote the longitudinal, shear

and transverse stresses respectively.
The longitudinal stress in the adhesive layer is

assumed to be a linear function of y[2] and it then fol-
lows from Equation 3a that the shear stress distribution
is parabolic. Equating the shear and normal stresses at
lower and upper faces to the appropriate interfacial
stresses, σ

(i)
xy (x) and σ

(i)
y (x) (i = 1, 2) and adopting the

equilibrium conditions of Equations 3a and b lead to
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in which a prime denotes differentiation with respect
to x.

2.5.2 Stress fields in the plate and the RC beam
Using assumption 3, the longitudinal and shear
stresses in the plate and the beam can be expressed as

As assumed, σ[i]
y (i = 1, 3) is neglected in both the RC

beam and the plate.

2.6 Solution procedure

The interfacial normal and shear stresses may be
expressed as Fourier series

where i = 1, 2; a(i)
m and b(i)

m are unknown Fourier coef-
ficients; and m = 1, 2, . . . ∞. The constant term in
Equation 6a has been set to zero to satisfy the equi-
librium requirement that the integration of the inter-
facial normal stress over the entire length of the
interface must be equal to zero. It may be noted
that σ(0)

y = σ
(3)
y = σ

(0)
xy = σ

(3)
xy = 0 because no interfacial

stresses exist on the top and bottom surfaces of the
strengthened beam.

Substituting Equations 6a and b into Equation 1
yields

where Qa(x) and M a(x) are stress resultants in the cor-
responding un-strengthened beam caused by the same
applied loads:

Substituting Equations 7 and 8 into Equation 5 and
substituting Equations 6a and 8 into Equation 4 lead
to the following stress components expressed in terms
of the unknown coefficients a(1)

m , b(1)
m , a(2)

m and b(2)
m :

in which

and σa
x and σa

xy are longitudinal and shear stresses in
the un-strengthened beam caused by the same applied
loads:

The unknown coefficients may now be determined
by minimising the total complementary energy of the
composite beam in the strengthened range. Only one
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half of the beam is considered here owing to sym-
metry. The total complementary energy in half of the
strengthened portion is

where E[i]
x and E[i]

y are the Young’s moduli in x- and y-
directions respectively; and G[i]

xy and ν[i]
xy are the shear

modulus and Poisson’s ratio in the x−y plane of the ith
layer.

Minimising U by setting ∂U/∂cm,i = 0, where cm,i

is an element of the sub-vector cm = [
a(1)

m , b(1)
m , a(2)

m ,

b(2)
m

]T
, leads to

where

in which M is the order of the Fourier series; Cmm and
Cmn are sub-matrices of C; and Pm is the sub-vector
of P. The elements of Cmm, Cmn and Pm are given in
Appendix A.

The interfacial stresses are obtained by solving
Equation 16 and substituting the resulting coefficients
into Equations 6a and b.All symmetrical loading cases
can be considered by properly including various forms
of the transverse load q(x), axial force N0 and end
bending moment M0 in the loading vector P.

3 NUMERICAL EXAMPLES

3.1 Uniformly distributed load (UDL)

For a uniformly distributed load (UDL), the com-
ponents of the applied loading are N0 = 0, M0 = 0,
q(x) = q and Ml = (L − l)2/2.

An RC beam bonded with a steel plate sub-
jected to a UDL q = 15N/mm as given in Roberts
and Haji-Kazemi (1989) is used here as the first

(a) Interfacial normal stresses

(b) Interfacial shear stresses
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Figure 3. Steel plated beam under UDL.

example problem. The geometrical and material prop-
erties of the beam are: L = 1200 mm, l = 900 mm,
h[1] = h[2] = 4 mm, h[3] = 150 mm; b(1) = b(2) = b(3) =
100 mm; E[1]

x = E[1]
y = 200 GPa, E[2]

x = E[2]
y = 2 GPa,

E[3]
x = E[3]

y = 20 GPa, and ν[2]
xy = 0.25. In their FE anal-

ysis, Teng et al. (2002b) used Poisson’s ratios of
ν[3]

xy = 0.17 and ν[1]
xy = 0.3 respectively for concrete

and steel which were not specified by Roberts and
Haji-Kazemi (1989).

Figure 3 compares the present predictions withTeng
et al.’s (2002b) FE results for the interfacial stresses.
The interfacial normal stresses at the plate-to-adhesive
(PA) interface, the mid-adhesive (MA) section and
the adhesive-to-concrete (AC) interface are small and
almost identical to each other away from the vicinities
of the plate ends. Near the plate ends, the interfacial
normal stress at the MA section is larger than that
away from the plate ends but the value is still limited.
This stress at the PA and AC interfaces diverges dra-
matically towards the plate end and large compressive
stresses are experienced at the PA interface. Clearly,
the present predictions agree very closely with the FE
results (Fig. 3a). It may be noted that this is the first
analytical solution which correctly predicts the drastic
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difference in the interfacial normal stress between the
PA and AC interfaces, as demonstrated by its close
agreement with FE predictions (Fig. 3a).

The interfacial shear stress (Fig. 3b) increases
towards the plate end and then reduces rapidly to zero
at the free edge, complying with the stress-free bound-
ary condition there. Both the peak value and its corre-
sponding location are slightly different at PA interface,
the MA section and the AC interface. The present
solution is again in close agreement with the FE
results, except for the interfacial shear stress at the AC
interface near the very end of the plate (within 1 mm),
where the FE analysis encounters the problem of stress
singularity (Teng et al. 2002b).

3.2 Mid-span point load (MPL)

For a beam under a point load at the mid-span, the com-
ponents of the applied loading are: N0 = 0, M0 = 0,
q(x) = pδ(x) and Ml = p(L − l)/4. Here δ(x) is the
Dirac delta function used to represent the MPL in
the context of Schwarz’s distributed theory (Schwarz
1966, Yavari et al. 2000).

An RC beam bonded with a CFRP plate and
subjected to a mid point load P = 150 kN is used
here as the second example. The RC beam has a
span L = 3000 mm, a width b(3) = 200 mm, a depth
h[3] = 300 mm, Young’s moduli E[3]

x = E[3]
y = 30 GPa

and a Poisson’s ratio ν[3]
xy = 0.17. The orthotropic FRP

plate has a length l = 2400 mm, a width b(1) = 200 mm,
a thickness h[3] = 4.0 mm, a Young’s modulus in
the x-direction E[1]

x = 100 GPa and a shear modulus in
x−y plane G[1]

xy = 5 GPa. The isotropic adhesive layer
has a width b(2) = 200 mm, a thickness h[2] = 2 mm,
Young’s moduli E[2]

x = E[2]
y = 2 GPa, and a Poisson’s

ratio ν[2]
xy = 0.35. All these geometric and material

properties, except the Poisson’s ratios for the RC beam
and the adhesive layer and the shear modulus for FRP
plate, which are assumed common values here, were
given by Smith and Teng (2001).

Figure 4 shows the present predictions of inter-
facial normal and shear stresses. Approximate analyt-
ical results from Smith and Teng (2001) and Täljsten
(1997) are also shown for comparison. Both Smith
and Teng (2001) and Täljsten (1997) assumed invari-
able normal and shear stresses across the thickness
of the adhesive layer. The interfacial normal stresses
from the two approximate analytical solutions agree
well with the present solution away from the plate
ends and in the vicinity of the point load (Fig. 4a).
At the plate end, the present solution predicts a much
higher stress (approximately 3 times) at the AC inter-
face than the two approximate solutions. This is an
inevitable result of the assumption of uniform shear
and transverse normal stresses in the adhesive layer
adopted by these approximate solutions. The present

(a) Interfacial normal stresses

(b) Interfacial shear stresses
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Figure 4. CFRP plated beam under middle point loads.

solution also predicts significant compressive inter-
facial stresses at the PA interface in the vicinity of the
point load.

For the interfacial shear stress (Fig. 4b), very signif-
icant differences exist between the present solution and
the two approximate solutions. The approximate solu-
tions predict monotonically increasing shear stresses
towards the plate end, which does not satisfy the
stress-free boundary condition there. This stress-free
boundary condition is satisfied by the present solution.
Consequently, the peak shear stress predicted by the
present solution is only about half of those predicted by
the two approximate solutions. The approximate solu-
tions are also unable to predict the significant inter-
facial shear stresses in the vicinity of the concentrated
load.

3.3 Two-point load (TPL)

For a beam under two symmetrical point loads,
the components of the applied loading are as fol-
lows: q(x) = p[δ(x − l0) + δ(x − l0)], N0 = 0, M0 = 0
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Figure 5. CFRP plated beam under two point loads.

and Ml = p(L − l). Here l0 is the distance from the
mid-span of the beam to either of the two point loads.

The same example CFRP plated RC beam as dis-
cussed above is examined here. It is subjected to a TPL
with p = 75 KN at l0 = 600 mm. The same example
was used by Shen et al. (2001).

Figure 5 compares the present solution with Shen
et al.’s (2001) high-order solution. The interfacial
shear stresses from Shen et al.’s (2001) high-order
solution are in close agreement with those of the
present solution (Fig. 5b). However, significant differ-
ences exist between the two solutions for the interfacial
normal stress. Near the plate end, Shen et al.’s (2001)
solution predicts tensile stresses at both the PA and
AC interfaces, in contrast to tensile stresses at the AC
interface and compressive stresses at the PA interface
as predicted by the present solution (Fig. 5a). Shen
et al.’s (2001) solution also yields considerably differ-
ent predictions for the peak values at both the plate
end and directly below the concentrated load. This is
believed to be due to the partial use of the plane sec-
tion assumption in their solution process as discussed
earlier.

4 CONCLUSIONS

This paper has presented a new interfacial stress anal-
ysis for simply supported beams strengthened with
a soffit plate and subject to general symmetric load-
ing. In this new analysis, the partial use of the plane
section assumption in Shen et al. (2001) and Yang
et al. (2003) is avoided. The resulting solution not
only takes into consideration the non-uniform stress
distribution in the adhesive layer and the stress-free
boundary condition at the ends of the plate, but also
correctly predicts the drastic difference in the inter-
facial normal stress between the PA and AC interfaces
revealed by finite element analysis for the first time.
The solution methodology is general in nature and may
be applied to the analysis of other types of composite
structures.
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APPENDIX A

The sub-matrices in Equation 17 are given in Equations
A1 to A3.

in which
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where β = b(3)/b(1) is the ratio of the beam to plate
width.

in which

and (Cmn)ij(i = 1, · · · , 4; j < i) could be easily
obtained by swapping m and n in (Cmn)ji.

In Eq. 19, the sub-vector is

where

where M0l is the bending moment at the plate ends
due to the applied transverse loads carried by the
strengthened part of the beam:
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Experimental study on bond stress-slip behaviour of FRP–concrete interface
using electronic speckle pattern interferometry technique
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ABSTRACT: Fibre reinforced polymer (FRP) composites are widely used for strengthening reinforced con-
crete (RC) structures because of their superior properties. The effectiveness of this strengthening technique relies
on effective stress transfer between FRP and concrete. Therefore, the bond behaviour between FRP and concrete
plays a key role in maintaining the composite action between the external FRP and the RC member. This bond
behaviour is generally measured using simple shear tests. However, it is often difficult to obtain accurate full
field deformation in the bond area using common measurement techniques. This paper presents an experimental
study on displacement field measurement in a CFRP-to-concrete double shear test using the non-destructive
and non-contiguous Electronic Speckle Pattern Interferometry (ESPI) technique. Full-field in-plane displace-
ments were measured in 33 test specimens. Both CFRP sheet and plate were used. The specimens had concrete
strength varying from 20 to 60 MPa. The measured displacement field was then used to infer the bond stress-
slip behaviour between FRP and concrete. An empirical bond-slip constitutive model is proposed based on the
experimental results.

1 INTRODUCTION

Since first being researched in 1980s, externally
bonding CFRP composites to strengthen and retrofit
existing RC structures has become an efficient
strengthening technique and is being successfully used
worldwide. Clearly, effective stress transfer between
FRP and concrete is essential to ensure the success of
the technique. Extensive research has shown that most
experimental RC members strengthened with exter-
nally bonded FRP composites failed due to debonding
of FRP from concrete (Teng et al. 2002).Therefore, the
bond behaviour between FRP and concrete plays a key
role in maintaining the integrity of such strengthened
RC members.

Several different set-ups have been used to test
the FRP-to-concrete bond behaviour, but simple shear
tests have been the most commonly used (Chen et al.
2001a).

Extensive research has been conducted in the last
few years to investigate the bond behaviour between
FRP and concrete. Most of the existing experimen-
tal studies (e.g. Chajes et al. 1996, Mukhopadhyaya
et al. 1998, Bizindavyi et al. 1999, Nakaba et al. 2001,

Toutanji & Ortiz 2001, Bizindavyi et al. 2003, Nehdi
et al. 2003) have been concerned with the strain (stress)
distribution in FRP along the bond length, the effective
stress transfer length and the bond strength.

A realistic bond stress-slip constitutive model is
essential to advance a theoretical FRP-to-concrete
bond strength model and to investigate the load-
displacement behaviour of such a bonded joint either
through analytical or numerical analysis (e.g. Yuan
et al. 2001, Wu et al. 2002, Yuan et al. 2004). Most
existing FRP-to-concrete bond strength models are
either empirical (e.g. Maeda et al. 1997) based on
regression of test data or semi-empirical analysis
(Chen & Teng 2001b) where a simple bond stress-
slip constitutive model is assumed and the resulting
solution is calibrated and modified based on test
results.

However, very few experimental studies (e.g.
Nakaba et al. 2001) have been concerned with the local
bond stress-slip behaviour. Nakaba et al. (2001) mea-
sured the strain distribution using electrical resistance
strain gauges along the bond length in a double shear
test.The local slip and bond shear stress at a given loca-
tion were obtained by integrating and differentiating
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the discrete strain observations respectively, giving the
local bond stress-slip relationship.

The chief reason for the lack of robust bond stress-
slip constitutive models properly validated with qual-
ity experimental data may be the difficulties involved
in accurately measuring both the local shear (bond)
stress and slip using conventional devices such as
strain gauges, micrometer gauges and various contact
displacement sensors. Although the strain distribution
along the FRP within the bond area is often measured
in experimental studies, it is not a direct measure-
ment of the shear (bond) stress. It is also evident that
considerable effort is needed to measure the full-field
displacement pattern in the bond area which may be
used to deduce local slips.

In this study, the Electronic Speckle Pattern Inter-
ferometry (ESPI) technique is used to investigate the
FRP-to-concrete bond stress-slip behaviour in a sim-
ple double shear test. The ESPI technique is an optical
method of measuring structural deformations. It has
the advantage of measuring the full-field displace-
ments non-destructively and non-contiguously. The
ESPI technique has wide applications in such areas
as detecting either surface or internal flaws of inte-
grated circuit boards, pressure containers and wielding
objects, but has been rarely used in tests of concrete
and masonry structures. Binda et al. (1998) measured
deformation of solid masonry units under mechanical
loading and concluded that the ESPI technique could
be used effectively for small specimens with low-
stiffness materials. More recently, Pan et al. (2003)
showed that the ESPI technique could also be applied
for accurately measuring the full-field in-plane defor-
mations in an FRP-to-concrete shear test. It may be
noted that a similar optical technique known as the
Moiré interferomery method was used by Tripi et al.
(2000) to observe detailed local deformations and
strain on the surface of cracked rectangular concrete
prisms externally reinforced with CFRP sheets.

A total of 33 double shear specimens were tested in
this study. Both CFRP sheets and plates were used.The
ESPI technique was used to measure the full-field in-
plane displacements during the loading process. Based
on the test results, a bond stress-slip constitutive model
is proposed.

2 TEST PROGRAMME

2.1 Specimen design

The 33 specimens were designed in 11 groups, of
which 6 groups were tested with CFRP plate and
the rest 5 groups were tested with CFRP sheet. The
CFRP plate had a width of 50 mm and thickness of
1.2 mm. Its ultimate tensile strength andYoung’s mod-
ulus were measured to be 3050 MPa and 165 GPa
respectively. The CFRP sheet was 80 mm wide and

Table 1. Specimen details and chief test results.

Concrete FRP bond Ultimate
Specimen strength length Total no. end slip
designation (MPa) (mm) of fringes (mm)

C20AP 23.7 80 69 0.031
C20BP 23.7 120 159 0.071
C20CP 23.7 150 319 0.143
C25AP 28.6 80 134 0.060
C25BP 28.6 120 156 0.070
C25CP 28.6 150 422 0.189
C30AP 35.9 80 134 0.060
C30BP 35.9 120 279 0.125
C30CP 35.9 150 313 0.140
C40AP 46.1 80 161 0.072
C40BP 46.1 120 203 0.091
C40CP 46.1 150 221 0.099
C50AP 55.9 80 152 0.068
C50BP 55.9 120 302 0.135
C50CP 55.9 150 232 0.104
C60AP 61.2 80 154 0.069
C60BP 61.2 120 208 0.093
C60CP 61.2 150 288 0.129
C20AS 23.2 80 63 0.028
C20BS 23.2 120 232 0.104
C20CS 23.2 150 355 0.159
C30AS 33.3 80 286 0.128
C30BS 33.3 120 246 0.110
C30CS 33.3 150 270 0.121
C40AS 42.9 80 201 0.090
C40BS 42.9 120 261 0.117
C40CS 42.9 150 369 0.165
C50AS 56.0 80 – –
C50BS 56.0 120 366 0.164
C50CS 56.0 150 418 0.187
C60AS 68.6 80 170 0.076
C60BS 68.6 120 270 0.121
C60CS 68.6 150 500 0.224

had a nominal thickness of 0.111 mm. The ultimate
strength and Young’s modulus were 3408 MPa and
235 GPa respectively.

Apart from the form of CFRP composites, other
major variables of the specimens included FRP bond
length and concrete strength. The bond length of FRP
varied from 80 mm to 150 mm. The design concrete
cube strength varied from 20 to 60 MPa.The actual test
28-day cube strength ranged from 23.2 to 68.8 MPa.
The concrete cube strength and FRP bond length for
each specimen are listed in Table 1.

It may be noted that each specimen is represented by
a specimen designation which consists of five letters
and numbers. The first three numbers represent the
concrete strength in the form of C followed by the
design cube strength. The fourth letter represents the
bond length, with letters A, B and C representing bond
length of 80, 120 and 150 mm respectively. The last
letter represents the type of CFRP, with P denoting
plate and S sheet.
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Figure 1. Test set-up.

Epoxy resins supplied by the CFRP plate and sheet
manufacturers were used to bond the FRP to the con-
crete specimens. Both resins were tested. The shear
strength, tensile strength and Young’s modulus for the
resin used for bonding CFRP sheets were 36.2 MPa
45.3 MPa and 3.2 GPa respectively. The correspond-
ing values for the resin used for bonding CFRP plates
were 40.6 MPa, 43.4 MPa and 2.0 GPa respectively.

2.2 Test set-up and test procedure

Each specimen consisted of two 150 mm concrete
cubes with two CFRP plates or sheets bonded onto
their two opposite faces, giving four bond areas. In
these four bond areas, one was used as the test zone
with a test FRP bond length for the specimen. For
the other three bond zones, either a longer FRP bond
length was used or they were strengthened to ensure
that failure would occur in the test zone (Fig. 1).

The test set-up is shown in Figure 1. All tests were
carried out on a holographic vibration isolation table
under loading control. The load increment was about
2–5% of the ultimate load. During the whole loading
process, the full-field fringe image of the test zone was
recorded at each load increment.

2.3 ESPI measurement

The ESPI method was used in this study to measure
the in-plane displacement on the FRP surface. A brief
description of the method is given here. More details
can be found in Pan et al. (2003). The method involves
irradiating two symmetrical beams of coherent laser
with wavelength λ onto the observation zone with an
entry angle θ. A CCD camera is placed in the direction
normal to the observation surface to take photographs.

If the object at a location is deformed with an in-plane
displacement u(t) at time t, it results in a difference of
2u(t) sin θ between the two light paths. This leads to a
phase difference between the two beams of

It can be proven that dark fringes appear in the
CCD images when ϕ(t) = 2nπ for n = 0, ±1, ±2, …
From Equation 1, the relationship between the in-plane
displacement u(t) and the fringe number n is

This enables the evaluation of relative displacement
between two points at any given time from the number
of fringes in the corresponding image. In this study,
two beams of coherence laser with a wavelength of
λ = 633 × 10−6 mm were used to illuminate the object
surface with an entry angle θ = 45◦. From Equation
2, this means that every fringe recorded represents a
displacement of 447.6 × 10−6 mm. The direction of
displacement is normal to the fringes.

3 FAILURE PROCESS AND MODES

3.1 Displacement development

Figures 2 and 3 show representative fringe images for
two typical specimens at different stages during the
loading process. It may be noted that each image rep-
resents the increment of deformation within a loading
step. The start and finish loads relative to the ultimate
failure load Pu for the increment is indicated for each
of the pictures in Figures 2 and 3.The total deformation
at a given loading level can be found from the summa-
tion of all the deformation increments from beginning
to the given loading level.

Generally, there are two typical patterns of deforma-
tion development (thus bond stress transfer patterns).
Figure 2 shows typical fringe images for specimens
with CFRP sheet and 150 mm bond length. When the
load is less than about 70% of the ultimate load Pu, the
area covered by fringes (where deformation increases)
increases continuously with the applied load (Figs 2b–
e). This indicates that the main bond stress transfer
region increases gradually as the load increases. When
the load is about 70% of Pu, about half of the bond
length (75 mm) is covered by fringes (Fig. 2e). This
stress transfer zone remains almost unchanged as the
applied load further increases until just before the final
failure (Figs 2e–h). The length of this stable stress
transfer zone is found to be correlated well to the effec-
tive stress transfer length Le predicted from Chen and
Teng’s (2001) model. The measured stable zone for
CFRP sheet specimens varies from 60 to 90 mm. The
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(a) Demarcation (b) Load P = 0.262-0.287 Pu

(c) P = 0.419-0.444 Pu (d) P = 0.629-0.638 Pu

(e) P = 0.693-0.704 Pu (f) P = 0.884-0.895 Pu

(g) P = 0.929-0.941 Pu (h) P = 0.966-0.986 Pu

Figure 2. Fringe images for Specimen C40CS (bond
length = 150 mm).

predicted values of effective length vary from 60 to
78 mm.

It is seen that the fringes are not exactly straight
in Figure 2. This indicates that the deformation and
deformation gradient (thus stress) distribution in the
FRP is non-uniform across the width. Furthermore, the
fringes are curved with denser fringes at the edges of
the FRP sheet than the middle. Therefore, the gradient
of deformation (e.g. FRP strain and thus the stress)
at the edges is larger than that in the middle. These
are consistent with the results from a recent numerical
study (Chen & Pan 2004).

When the bond length is relatively short compared
with the effective bond length (i.e. for all specimens
except those CFRP sheets with 120 and 150 mm bond
length), the stable stress transfer zone cannot be seen.
Figure 3 shows a set of fringe images for a typical
CFRP plate specimen C60AP which had a bond length
of 80 mm. The stress transfer zone increases with load
and covers the full bond length when the load is about
70% of the ultimate failure load Pu.

(a) Demarcation (b) Load P = 0.230-0.267 Pu

(c) P = 0.427-0.480 Pu (d) P = 0.591-0.653 Pu

(e) P = 0.725-0.772 Pu (f) P = 0.852-0.906 Pu

(g) P = 0.906-0.947 Pu (h) 0.947-0.996 Pu

Figure 3. Fringe images for Specimen C60AP (bond
length = 80 mm).

In Figure 3, all fringes during the whole loading
process are curved as in the early loading stages in Fig-
ure 2. This supports the conclusion drawn above that
the deformation and stress distributions in the FRP is
non-uniform across its width. Moreover, the fringes
from this specimen are slightly non-symmetrical. This
can be caused by many factors such as eccentricity
of loading, geometrical asymmetry of sample, and
potential non-uniformity of materials.

3.2 Failure process

For all the specimens except those FRP sheets with
150 mm bond length, the failure was sudden and
accompanied with loud noises. There was no visible
sign of local debonding. For those CFRP sheet speci-
mens with 150 mm bond length, some noises were
emitted when the load reached to about 90% of the
ultimate failure load. This indicates that some local
damage might have started. It may be noted that FRP
debonding has not started yet at the time as seen from
Figure 2 that the deformation zone is still very stable
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(a) Debonding within 
concrete (CFRP plate)

(b) Debonding within 
concrete (CFRP sheet)

(c) Debonding within 
adhesive (CFRP sheet)

(d) Rupture of CFRP sheet

Figure 4. Typical failure modes.

up to a loading of 0.986 Pu. Final failure was again sud-
den with loud noise. Because the tests were conducted
under load control, the actual debonding process could
not be detected.

3.3 Failure mode

All but one of the 33 specimens failed due to debond-
ing. Of the 32 debonding failures, 30 failed within
concrete with a thin layer of concrete attached to the
FRP after failure (Figs 4a and b). The rest two (C20AS
and C50AS) failed within the adhesive layer (Fig. 4c).

Only one specimen (C30BS) failed due to the rup-
ture of FRP sheet outside the bond area at a relatively
low stress level (about 2000 MPa) compared with the
tensile strength of the FRP (Fig. 4d). This might
be caused by the unevenness of adhesive on CFRP
sheet out of the bond area, leading to uneven stress
distribution in the CFRP fibres.

4 BOND STRESS–SLIP RELATIONSHIP

4.1 Interpretation of measured data

As discussed above, the relative deformation of FRP
within a load increment can be determined from Equa-
tion (2) by counting the number of fringes in the fringe
image. The relative displacement field at a given load
level P can be obtained by summing all the incremental
displacement fields from the start of loading up to the
given loading level. The accumulative total number of
fringes in the bond area near failure for each test is
listed in Table 1. These numbers can be used to deduce
the relative displacement from the loaded end to the
free end of FRP at failure (i.e. the total elongation of

j+1j-1 j

Position of shear stress

Position of normal stress

Position of slip

Observation zone

 

∆L ∆L ∆L ∆L ∆L

∆L

σj-1 σjτj

Figure 5. Data interpretation positions.

the bonded FRP). If the bond length is sufficiently
large (i.e. when the slip at the far end of the FRP strip
is negligible), this relative displacement can be treated
as the displacement at the loaded end of FRP. Further-
more, if the compressive deformation of the concrete
block is neglected (which is indeed negligible from the
test results), the displacement field may be treated as
the slip between FRP and concrete.

The measured displacement field can be used to
deduce the strain field in FRP by differentiating once.
Assuming that the longitudinal normal stress in the
FRP is uniform through its thickness, its value at a
given location can be obtained by multiplying the
strain at the location by the Young’s modulus of the
FRP. The normal stress distribution in FRP may be
further differentiated once to give the interfacial shear
stress distribution between the FRP and adhesive.
Therefore, the whole displacement, normal (longitu-
dinal) stress and interfacial shear stress fields can be
deduced.

In this study, the whole bond area was divided into
small segments giving a series of nodes (Fig. 5).Within
the mth load increment, the increment of relative defor-
mation from node j − 1 to j is related to the number
of fringes nmj . The accumulative relative displacement
from node j − 1 to j, dj , at the mth loading level can be
found from

Dividing dj by the segment width 	L gives the aver-
age normal strain in FRP between note j − 1 to j. The
average normal stress and average local bond stress
at locations shown in Figure 5 are then obtained as
discussed above.

Several positions within the bond area were selected
to investigate the local bond stress-slip relationship.
Figure 6 shows typical results deduced from the experi-
mental data. Despite under monotonic loading, it is
significant that part of the descending branch of the
bond stress-slip is obtained. It may be noted that the
descending branch can only be obtained at positions
near the loading end for specimens with sufficient
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Figure 7. Idealised bond stress-slip curve.

bond length, where the local peak bond stress is
reached before ultimate failure.

4.2 Characteristics of bond stress-slip curve

As seen in Figure 6, the bond stress-slip curve is clearly
nonlinear. It rises very fast initially with a large ini-
tial stiffness. After the bond stress reaches about 20%
to 30% of the peak value, the stiffness continuously
reduces with the increase of bond stress and reaches
zero at the peak bond stress. After the peak stress, the
curve descends slowly with a close to linear trend.

The bond stress-slip curve may be characterised
by three key parameters. They include the peak bond
stress τmax, the slip corresponding to the peak bond
stress S0 and the ultimate slip Su. The deduced bond
stress-slip curves in this study show that S0 is within
the range of 0.02 mm to 0.04 mm for most specimens,
with an average of 0.029 mm and standard deviation
of 0.010 for all the specimens.

The peak bond stress τmax is found to be related
to the cube strength of concrete fcu and can be
approximately expressed as 1.64 4

√
fcu. However, this

may have been underestimated because the deduced

τmax value here is the average stress in a small segment
(Fig. 5) instead of the peak stress.

It is unfortunate that the ultimate slip Su cannot be
directly obtained from the deduced bond stress-slip
curves in this study because the tests were conducted
under load control so that the obtained descending
branch is not sufficient to indicate this value. How-
ever, as discussed earlier this may be estimated from
the displacement at the loading end of the FRP at the
beginning of debonding when the bond length is suf-
ficiently large. From the specimens with CFRP sheet,
this value is estimated to be around 0.14 mm.

4.3 A bond stress-slip model

A mathematical model is developed here to describe
the above bond stress-slip curve. The bond stress-slip
curve (τ − S) may be idealised as in Figure 7 which
consists of two segments. The first segment increases
nonlinearly with an initial stiffness k0 and peaks at
the slip of S0. It then reduces to join the second seg-
ment. The second segment is assumed to be linear
with a descending rate of kd . The two segments are
assumed to join at a point Sj after the peak with smooth
connection (i.e. continuity in slope).

For convenience, the bond stress τ is normalised
against τmax and the slip S is normalised against S0.
Figure 8 shows an example of normalised bond stiff-
ness obtained by differentiating the deduced bond
stress-slip curves for two typical CFRP plate and
CFRP sheet specimens. It is seen that the normalised
stiffness-slip relationship is close to a hyperbola in the
form of d(τ/τmax)/d(S/S0) = a/1 + bS/S0 − c before
the peak and remains close to a constant after it. Inte-
grating the stiffness-slip curve gives the normalised
bond stress in the following form:

where a1 − a4 are coefficients; τ̄j is the normalised
bond stress at S = Sj; and k̄d is the normalised descend-
ing stiffness.

Equation 4a must satisfy the following conditions
at slip S = 0 and S0:
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Figure 8. Normalised bond stiffness.

where k̄0 = k0S0/τmax is the normalised initial stiff-
ness. The initial stiffness k0 may be estimated from
the shear stiffness of the adhesive layer k0 = Ga/ta.
Here Ga is the shear modulus and ta is the thickness
of adhesive layer.

Substituting Equation 4 into 5 gives the parameters
a1, a2, a3 and a4. Substituting the resulting parameters
into Equation 4 gives

in which αk is a coefficient related to the normalised
initial stiffness k̄0. Explicit expression of αk is diffi-
cult to obtain but it can be expressed approximately as
αk = 0.1k̄2

0 + 1.63k̄0 − 3.7 > 0.
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Figure 9. Measured vs predicted bond stress-slip curves.

The two parameters Sj and τ̄jin Equation 6 can be
determined from the assumption of smooth connection
between the two segments of the curve
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4.4 Comparison with test data

The complete bond stress-slip curve can be deter-
mined from Equation 6 if S0, k̄0 = k0S0/τmax and k̄d
are known. Assuming that the adhesive layer had a
thickness of 2 mm and Poisson’s ratio of 0.3, its shear
modulus Ga can be obtained from the measuredYoung
modulus Ea assuming homogeneity of the material.
The initial shear stiffness is thus determined from
k0 = Ga/ta.

Figure 9 shows the comparison of Equation 6 with
test data for a number of typical specimens. The
following values were used in the prediction: peak
stress τmax = 1.64 4

√
fcu, S0 = 0.029 mm and kd = 0.14.

It is seen that the model is in close agreement with
test results. However, further studies are required to
determine the values of S0, τmax and kd for practical
applications.

5 CONCLUSIONS

This paper has presented an experimental study on
the bond behaviour between FRP and concrete in a
double shear test.The Electronic Speckle Pattern Inter-
ferometry (ESPI) technique was used to measure the
deformation field in the bond area. The measured
deformation field was used to infer the local bond
stress and slip relationship.

A total of 33 CFRP plate and CFRP sheet specimens
were tested. Through analysing the test results of these
specimens, an empirical bond stress-slip model has
been proposed.
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Fatigue and post-fatigue quasi-static performance of RC-beams externally
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ABSTRACT: The overall deterioration of transportation infrastructure due to ageing and increasing traffic loads
motivated researchers to look for new ways of repairing and monitoring the existing structures. Numerous studies
were conducted and proved the efficiency of bonding fibre-reinforced polymers (FRP) systems on structural
elements such as reinforced concrete (RC) beams and columns. Although there is a huge potential for the use
of FRP materials, their large-scale implementation is often impeded by the lack of data on their durability when
subjected to extreme loading conditions.This paper presents an experimental project undertaken in order to assess
the durability of RC beams strengthened with carbon-fibre-reinforced polymers (CFRPs). The 15 small-scale
beams were loaded in fatigue for various numbers of cycles and load conditions and then tested monotonically
to failure. Test results provide an insight on the potential performance of CFRP-strengthened beams subjected
to severe fatigue loading conditions.

1 INTRODUCTION

In many countries, most of the transportation infra-
structure was constructed in the middle of the twentieth
century and is approaching the end of its expected life.
In addition, there were significant increases in load
requirements over that period. These facts illustrate
the need for fast, efficient and durable strengthening
methods. A technique now gaining popularity is the
bonding of carbon-fibre-reinforced polymers (CFRPs)
on structural elements. CFRPs are used extensively to
strengthen reinforced concrete beams and columns in
existing structures.

Although major applications of CFRPs are reported
in the literature, design engineers are still concerned by
the durability of these products under severe loading
and climatic conditions. Results have been published
on the durability of FRP for internal reinforcement [1]
and the fatigue behaviour of woven composite lami-
nates [2]. Some work has been conducted to evaluate
the durability of CFRP-strengthened beams subjected
to wet-dry cycles [3], or continuous immersion [4], and
also under freeze-thaw cycles [5]. These researchers
also published results from monotonic loading of RC
beams strengthened with CFRPs. Few studies reported
fatigue behaviour of strengthened beams [6], their
response to a combination of fatigue loading and low
temperature [7], or to a combination of fatigue load-
ing and water exposure [8]. In addition, there are still
no extensive data dealing with the fatigue response of
beams subjected to different fatigue load levels and
number of cycles.

The objective of the project reported here is to inves-
tigate the fatigue behaviour and the influence of the
fatigue loading on the strength of CFRP-strengthened
beams. The emphasis was placed on studying the load-
defection behaviour of the CFRP-strengthened beam
throughout fatigue and subsequent monotonic testing.

2 DESCRIPTION OF THE TEST PROGRAM

This section describes the main characteristics of the
tested specimens, the properties of their constituent
materials, the experimental loading apparatus, and the
instrumentation.

2.1 Specimen

The typical geometry and reinforcement of the tested
beams are shown in Figure 1. The specimens were fab-
ricated from normal-strength ready-mixed concrete.
The concrete strength was measured at three differ-
ent times along the testing program and had a mean
value of 50 MPa.The internal reinforcement is made of
smooth and undeformed bars 6.35 mm in diameter and
is providing the minimum steel quantity required by
the Canadian Standard CSA-A23.3 for reinforced con-
crete. Steel rebars exhibit a yield strength of 600 MPa
and a Young’s modulus of 200 GPa.

All the beams were externally reinforced or
strengthened with a unidirectional CFRP strip. The
main properties of this CFRP plate are shown in
Table 1. The 50 mm-wide plates were bonded to the
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Figure 1. Specimen – geometry, loading and instrumentation.

Table 1. Properties of CFRP.

Product Efrp (GPa) εfrp (%) ffrp (GPa) t (mm)

CFRP plate 155 1.6 2.4 1.2

tension face of the beams with the proprietary mor-
tar of the system on a 400 mm length at both ends,
thus leaving a 260 mm unbonded portion in the mid-
dle. This configuration was selected to avoid concrete
crushing and to trigger failure by delamination of
the CFRP, eventually allowing the investigation of the
concrete-CFRP interface.

2.2 Testing procedure

Prior to testing, all specimens were instrumented with
strain gauges. One gauge was placed on the concrete
surface, and two on the rebars, as shown in Figure 1.
Four more gauges were installed on the CFRP, in order
to measure the onset of delamination along the CFRP-
concrete interface. A detailed analysis of these strain
data has been published elsewhere [8]. The load cell
was a part of the actuator, and one LVDT measured
the midspan deflection of the beams.

All beams were subjected first to flexural cyclic
loading, and then to monotonic, both under four-
point bending configuration.The only exceptions were
the two reference beams tested only monotonically.
The location of the two loading points is shown in
Figure 1. The fatigue test consisted of 400,000,

Table 2. Fatigue loads.

Series Pmin/Py (%) Pmin (kN) Pmax/Py (%) Pmax (kN)

L 15 6.8 35 15.9
H 35 15.9 75 34.1

Figure 2. Test set-up for fatigue loading.

800,000 and 2,000,000 cycles at a load level producing
15-35 to 75% of the yielding moment My [8]. Table 2
indicates the minimum and maximum loads, Pmin and
Pmax, applied to the beams.

The fatigue load was applied with a MTS hydraulic
actuator of 100 kN capacity controlled by a Test-
Star-II software. The test set-up for the fatigue load-
ing is shown in Figure 2. The specimens were first
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Figure 3. Test set-up for monotonic loading.

Table 3. Fatigue loading conditions.

Loading condition

% of Py Cycles Specimen

0 0 NA, NB

15–35 400 000 L400A, L400B
800 000 L800A, L800B, L800C

2 000 000 L2000A, L2000B

35–75 400 000 H400A, H400B
800 000 H800A, H800B

2 000 000 H2000A, H2000B

Total specimens = 15

loaded monotonically up to the minimum value of the
cyclic load identified in Table 2, and then the fatigue
load was applied up to the maximum value. Between
these extreme values, the CFRP plate remained in ten-
sion. At 2 cycles per second, 13 days were spent to
test a beam for 2,001,000 cycles, including prepara-
tory work.The sinusoidal loading was force-controlled
using the TestWare-SX process module. Readings at
minimum and maximum loads were taken at every
2000th cycle until cycle 801,000, and then they were
spaced at every 10,000th cycle to the end of the test.
Full cycle readings during the test were taken accord-
ing to the following sequence: at 1st cycle and every
10th cycle to 200; at every 200th cycle to 1001; at every
20,000th cycle up to 801,000. Then, the space between
two consecutive readings was increased to 100,000 up
to the 2,001,000th cycle. For these preset times, the
frequency was reduced to 0.05 Hz in order to obtain
more data points for these cycles.

The beams were then loaded monotonically up to
failure under four-point bending. The monotonic load,
applied at the same location as for the cyclic load-
ing on a Baldwin press of 267 kN capacity, had a
rate of approximately 0.1 kN/s. Data were recorded
at every 0.1 kN load increment. The test setup for the
monotonic loading is shown in Figure 3.

The 15 specimens and their loading conditions are
summarized inTable 3.The table lists two control spec-
imens NA and NB that were tested only monotonically
to failure. The other specimens were first tested in
fatigue with low-level or high-level loads, identified in
Table 2 as L-series and H-series, respectively. Beams
400A and B were loaded for a number of 400,000
cycles; for 800,000 cycles for 800A, B and C; and for
2,000,000 cycles for 2000A and B. Letters A, B and
C actually indicate replica specimens that underwent
identical loading conditions.

3 RESULTS

All the results obtained from testing the 15 beams
are analysed in the following. The presentation of the
results obtained during fatigue testing will be followed
by a discussion on the post-fatigue monotonic loading.

3.1 Fatigue behaviour

Thirteen beams were tested in fatigue in order to inves-
tigate the influence of cycling on their strength and
load-deflection response. Initially, all the specimens
were loaded monotonically up to the minimum fatigue
level before starting the application of the fatigue
cycling. First are discussed the specimens that were
tested with low-level cycling, that is a load producing
15–35% of the yielding moment.Then, the beams sub-
jected to high-level fatigue, with a load producing 35
to 75% of the yielding moment, are presented.

3.1.1 Low-level cycling
Of the seven beams of the L-series, specimen L2000B,
which was subjected to two-million-cycle fatigue load,
was chosen for a detailed discussion. Figure 4 shows
the load-deflection response of L2000B during the
fatigue test. Only seven curves representing typical
behaviour of the beam and corresponding to each order
of magnitude from the first to the last cycle are illus-
trated. It can be observed that, apart from the first
cycle, the hysteresis curves are very similar along
the two-million-cycle test. For any cycle the load-
deflection curve exhibits an ascending slope and a
descending slope that practically closes the hystere-
sis loop. It is interesting to note that these curves show
an almost linear-elastic behaviour with the loop area
practically constant. This indicates that the change in
stiffness between two consecutive cycles is negligible.
In the case of the first cycle, the ascending slope is very
different from the other curves. The step observed at
about 10 kN in this ascending slope is due to the fact
that the beam cracked at this instant in the loading
sequence. It is interesting to note that, as a result of
cracking and micro cracking, the area confined by the
hysteresis loop in the first cycle is significantly larger
than for the subsequent cycles. This fact shows that the
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L2000B.

energy dissipated in the first cycle is more important
then that dissipated in any other cycle during the test.

Another important parameter is the evolution of
the deflection during cycling. As shown in Figure 4
for beam L2000B, there is a continuous increase in
midspan deflection throughout the fatigue test. The
evolution of this deflection can be alternatively repre-
sented with respect to the number of cycles. Figure 5
actually depicts the change in midspan deflection at
the upper and lower limits of the fatigue cycle. Ini-
tially, a significant increase of the midspan deflection
can be observed. This region extends up to about
100,000 cycles. At first cycle the deflection goes from
0.86 to 1.25 mm, and at 100,000 cycles from 1.07 to
1.59 mm. Then it is followed by a more stable region
with deflection gradually increasing through cycles
until the end of the test where it oscillates between
1.21 and 1.72 mm. This clearly indicates the continu-
ous degradation of the stiffness during load cycling,
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Figure 6. Load–deflection curves for beam H2000B.

though at a lower rate after the cycle 100,000. Similar
results were obtained for the other beams in L-series.

3.1.2 High-level cycling
Three beams out of six withstood the load cycles of
a magnitude producing 75% of the yielding moment.
They are beams H400A, H800A, and H2000B. The
others failed before reaching the proposed number
of fatigue cycles due to premature degradation of
the interface concrete-CFRP. Graphical results for the
beam H2000B that withstood 2,000,000 cycles are
analysed in the following.

Figure 6 shows the load-deflection hysteresis curves
for beam H2000B that underwent the two-million-
cycle test. It can be observed that there is no cracking
in the first cycle, as opposed to the case that was
presented in Figure 4 for beam L2000B. This is due
to the fact that the current beam was monotonically
loaded up to 15.9 kN, the minimum load applied dur-
ing fatigue cycles, and this value largely exceeds the
cracking load. Consequently, the beam had cracked
before any cycling began. Although there is no sign of
major cracking taking place in the first cycle, the area
confined by the hysteresis loop is much larger than
the area for any subsequent cycle. This demonstrates
that during the first cycle the energy dissipation is the
largest and the extent of micro cracking, that could not
be detected visually, is very important.The fact that the
slope remains the same for all curves further confirms
that the stiffness has remained virtually unchanged
until the last cycle. However, the residual deflection
at midspan continues to increase with cycling.

The evolution of deflection with respect to num-
ber of cycles is plotted in Figure 7 for both maximum
and minimum loads applied during the fatigue test of
H2000B. The shape of the curves is similar to that
observed for the beam L2000B. Initially, a signifi-
cant increase of the deflection is observed up to about
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H2000B.

100,000 cycles. At first cycle it goes from 2.96 to
4.03 mm, and at 100,000 cycles from 4.09 to 5.46 mm.
This is followed by a stable region where deflection is
relatively constant until the end of the test where it
oscillates between 4.26 and 5.64 mm. This region in
the deflection curve is more stable than that of beam
L2000B shown in Figure 5. This can be explained
by the fact that H2000B was subjected to higher
load amplitudes causing cracking stabilization. There-
fore, the deflection remained almost constant after the
very first cycles. For L2000B, subjected to lower load
amplitudes, the cracking continues until the end of
the test, and this translates into a gradual increase in
midspan deflection, as can be observed in Figure 5.

3.2 Monotonic behaviour

Following the fatigue cycling, the beams were loaded
monotonically to failure. Figure 8 compares the load-
deflection response of beams L2000B and H2000B
with that of NB. The reference specimen NB is a
CFRP-strengthened RC beam identical to the other
specimens in L and H series.The only difference is that
NB was tested monotonically to failure alone, without
any previous loading. The dark curve represents the
midspan deflection against load for beam NB. As the
applied load increases, its relationship to the deflec-
tion remains almost linear until about 9 kN. This value
represents the cracking load and is consistent with
the observation made in section 3.1.1 for the beam
L2000B. At this point a short load plateau is observed,
after which the load-deflection curve exhibits a new
linear relationship until failure of the beam. The fail-
ure mode observed for all beams is delamination of
the CFRP plate from the beam, as can be seen in
Figure 3.

It can be observed that for the two beams that were
subjected to fatigue cycles, there is no load plateau.
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Figure 8. Load–deflection curves during monotonic test.

Table 4. Monotonic test results.

Beam Pmin–Pmax (%) Pu,exp (kN) 	u (mm)

NA – 55.6 8.00
NB – 56.7 7.54
L400A 15–35 56.6 7.74
L400B 15–35 54.7 6.74
L800A 15–35 56.5 6.92
L800B 15–35 55.0 7.42
L800C 15–35 57.2 6.78
L2000A 15–35 58.7 6.80
L2000B 15–35 59.4 7.43
H400A 35–75 62.2 6.68
H400B* 35–75 – –
H800A 35–75 59.4 6.22
H800B** 35–75 – –
H2000A*** 35–75 – –
H2000B 35–75 62.1 7.05

Failed at *203 000, **709 000 and ***243 000 cycles.

This can be explained by the fact that these beams
were cycled in fatigue, and as a consequence, they were
cracked before the failure test. However, the slope of
the load-strain curves is similar to the one observed
for the case of NB. It is interesting to note that the
bilinear load-deflection response observed in previous
studies [9] for RC beams strengthened with CFRP is
also observed in the case of the reference beam NB.

Table 4 lists some of the results from the monotonic
failure tests on both reference and fatigued beams. For
the fatigued specimens, the ultimate load Pu,exp varies
from 54.7 to 62.2 kN. For the parameters used in this
study, there is no clear influence of the fatigue load-
ing on the monotonic post-fatigue behaviour in terms
of residual strength. The ultimate deflection measured
during failure test, 	u, varies from 6.22 to 7.74 mm.
If one takes into account the residual deflection due to
the fatigue cycles, then the total deflection of fatigued
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specimens is very similar to that obtained for the con-
trol specimens. Again, no trend is observed between
the change in ultimate deflection and the number of
fatigue cycling.

4 CONCLUSION

An experimental program was conducted on the
fatigue response of small-scale beams externally
strengthened with CFRPs. The results provide an
insight on the long-term behaviour of a repair system
that is gaining widespread use. The effect of severe
fatigue loading on the flexural behaviour of such sys-
tem was addressed. During the fatigue tests the beams
showed a consistent response independently of the
number of fatigue cycles. The specimens maintained
most of their initial stiffness until end of test. Initially,
the beams showed an important deflection increase
until 100,000 cycles. Then, the response stabilized
with deflections being asymptotic to the maximum
values corresponding to the load amplitudes. Fol-
lowing the cyclic tests, the beams were subjected to
monotonic loading up to failure. Results from these
tests showed that the number of fatigue cycles had no
significant effect on the load-deflection response of
the beams. The total deflection, including the residual
deflection due to cycling, is not significantly different
from that of the control specimens. In addition, the
ultimate load reached by the beams does not appear to
be influenced by fatigue cycling. Further work needs
to be done in order to develop analytical and numerical
models for the CFRP-strengthened RC beams.
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A generic design approach for all adhesively-bonded longitudinally-plated
RC beams

Deric John Oehlers
Department of Civil and Environmental Engineering, The University of Adelaide, Australia

ABSTRACT: The fundamental debonding mechanisms for longitudinally plated beams and slabs is now well
understood and recognised in guidelines. Furthermore, research is well advanced in quantifying these debonding
mechanisms and has reached a stage where plating can be applied in practice and with confidence. A generic
design procedure is presented for adhesive bonding longitudinal plates to RC beams and slabs that can be applied
to prestressed and unprestressed beams, that covers all plate materials, plate configurations and plate adhesion to
any surface, covers all four major debonding mechanisms at serviceability or ultimate limit states, and quantifies
the flexural and shear strengths as well as the ductility associated with moment redistribution.

1 INTRODUCTION

There are now several good guidelines1−4 available
for adhesive bonding longitudinal FRP plates to the
tension faces of unprestressed RC beams and slabs
in order to increase their strength and stiffness; these
guidelines usually prohibit moment redistribution due
to the brittle nature of an FRP plated section.

In this paper, we will be looking at a generic design
approach5 that can be applied to bonding longitudinal
plates to any surface of prestressed or unprestressed
RC beams or slabs, Figs. 1(b) to (d), and to any
combination of plates as in Fig. 1(e). These generic
design rules apply to any type of plate material such
as brittle FRP pultruded plates or those formed by
the wet lay up procedure or metal plates such as steel
or aluminium that can yield prior to debonding. Fur-
thermore, this generic design approach allows for and
quantifies moment redistribution in both FRP and
metal plated beams, Fig. 1(a), quantifies the flexural
and shear capacities of longitudinally plated beams,
is developed in a form that can accommodate new
forms of plating such as near surface mounted plates
and applies to both serviceability and ultimate limit
states.

2 DESIGN GUIDELINES

The debonding mechanisms described in current
design guidelines1−5 are compared in Fig. 2 for the
case of a tension face plated beam of which all the
guidelines apply. The guidelines themselves either
refer directly to a debonding mechanism in which case
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Figure 1. Longitudinally plated beams.

the jargon used to describe the mechanism is given
in Fig. 2(b) or they refer to a publication which is
shown as referenced. It can be seen, Fig. 2, that there
is now general recognition of the three major debond-
ing mechanisms which are shown as IC, CDC and
PE debonding. However, a fourth debonding mecha-
nism,VAy, is shown based on the elementary structural
mechanics VAy/Ib or VQ/Ib equations.
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3 MAJOR DEBONDING MECHANISMS

3.1 Intermediate crack (IC) debonding
due to flexure

Whenever a crack intercepts a plate, Fig. 3, the high
strain concentrations at the intercept are relieved by the
IC interface cracks shown. These IC interface cracks
continue to propagate as the intermediate crack width
scr increases under flexure until they spread uncontrol-
lably causing IC debonding. IC debonding is generally
associated with high moment regions of a beam where
the flexural cracks are at their widest and the plate
strains are at their maximum.They are characterized by
crack propagation away from the high moment region,
by partial interaction τ/δ (shear-stress/interface-slip) at
the interface, and a lower bound to the strain at which
IC debonding occurs εIC can be obtained directly from
pull tests.

3.2 Critical diagonal crack (CDC) debonding
due to vertical shear

Reinforced concrete beams fail under vertical shear
when a critical diagonal crack forms and slides. This
is associated with the concrete component of the shear
capacity Vc. It needs to be stressed that a CDC is not
a flexural crack nor a flexural-shear crack but it is
associated with the single diagonal crack that eventu-
ally slides and which governs the shear capacity Vc.
As the width of the CDC scr, Fig. 4, increases due to
shear, the plate resists the widening of scr through its
IC debonding resistance along the axis of the plate and
the force the plate exerts across the CDC increases Vc.
Eventually the IC debonding resistance εIC is achieved
causing the plate to debond through IC debonding and
Vc reduces. It can be seen that the CDC debonding
resistance depends on the IC debonding resistance of
the plate. However, CDC debonding is associated with
the shear capacity or failure of an RC beam and it

direction of IC interface
crack propagation

intermediate flexural crack

plate
IC interface crack

RC beam

scr τ
PIC (εIC)

τ
δ

Figure 3. IC debonding mechanism.

IC interface crack

V
V

critical diagonal crack

rigid body displacement

direction of
crack propagation

scrPIC (εIC) PIC (εIC)

Figure 4. CDC debonding mechanism.

M

Ap Ap

direction of debonding
crack propagation PE debonding crack

M

MpMp

Np Np NpNp
ε = 0 ε = 0

RC beam

Figure 5. PE debonding mechanism.

is the rigid body shear deformation across the CDC
that increases the crack width scr and not the flexural
deformations as in IC debonding in flexural regions.

3.3 Plate end (PE) debonding due to curvature

Plate end debonding, Fig. 5, is due to the stress con-
centrations at the plate end due to the discontinuity of
the plate and are induced by the curvature in the RC
beam.The curvature induces the axial force in the plate
Ap and moment in the plate Mp which induce the nor-
mal forces Np across the plate interface which induce
cracking and eventually debonding. Unlike IC debond-
ing where the debonding cracks start where the plate
strains are at their maximum and propagate to lower
moment regions, PE debonding cracks start where
the plate strains are zero and the debonding cracks
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Figure 6. IC debonding in constant moment region.

Figure 7. PE debonding in constant moment region.

propagate towards the position of maximum moment.
PE debonding can be easily prevented by terminating
the plate at a point of contraflexure.

3.4 Interface shear stress (VAy) debonding

VAy debonding is due to the elementary interface
shear stresses VAy/Ib or VQ/Ib which occur away from
stress concentrations due to either the discontinuity
of the plate (PE debonding) or stress concentrations
due to flexural cracks (IC debonding) or due to crit-
ical diagonal cracks (CDC debonding). This form of
cracking or debonding rarely occurs in research as the
stress concentrations that occur in practice and men-
tioned above are much larger. However, it is felt that
this debonding mechanism may govern in prestressed
beams or at serviceability prior to cracking. It needs
to be stressed that the VAy approach cannot be used to
prevent IC or PE debonding, as these can occur in con-
stant moment regions as in Figs. 6 and 7, nor prevent
CDC debonding.

4 DESIGN PHILOSOPHIES FOR STRENGTH

The debonding mechanisms affect both the strength
and ductility. At present, there would appear to be
two distinct design philosophies for strength which are
based on the IC debonding resistance.

4.1 Hinge design philosophy

Tests and numerical simulations have shown that the
IC debonding resistance from pull-tests is generally a
lower bound to the IC debonding resistance in beams.
The hinge approach3,5 restricts the IC debonding resis-
tance used in beams to that obtained from pull-tests,
Fig. 8. Hence the IC interface debonding cracks are
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ICPE
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Figure 8. Hinge design philosophy.
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Figure 9. Anchorage design philosophy.

limited to a small hinge region which is of the same
order as the effective length of the plate Le, that is
the anchorage length required to achieve the maxi-
mum stress in the plate in a pull test. The extent of the
plate is then governed by either CDC or PE debonding.
Restricting the IC debonding cracks to within the hinge
region ensures that there is no interaction between IC
and PE debonding as at present this interaction has
not been quantified. Furthermore, restricting the IC
debonding resistance to that obtained from pull-tests
allows the plate to be terminated short of the point of
contraflexure and allows this design philosophy to be
applied to plates on any surface, Fig. 1.

4.2 Anchorage design philosophy

The anchorage approach2 requires that the plate is
anchored in an uncracked region which invariable will
be close to the point of contraflexure, Fig. 9, so that the
concrete teeth can act as shear connectors increasing
the IC debonding resistance above that obtained from
pull tests. Research2 has only quantified this increase
for FRP tension face plates for which this approach
should be restricted. Terminating the plate close to a
point of contraflexure ensures that PE debonding will
not occur and, hence, this approach also prevents any
interaction between IC and PE debonding.

In summary, the hinge approach requires a larger
cross-sectional area of plate but a shorter length of
plate than the anchorage approach. The IC debonding
resistance in the hinge approach can be determined
directly from pull-tests whereas that in the anchorage
approach is a property of the cross-section and beam2

but allows larger strains and, thereby, larger curvatures
and ductility.
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5 DESIGN PHILOSOPHIES FOR DUCTILITY

The debonding mechanisms in many ways have a
greater effect on the ductility than on the strength and
because of this can severely hamper or restrict the use
of plating.The affect of plating on the beam ductility is
illustrated below in terms of the ability to redistribute
moment. However the same principles govern the abil-
ity to design ductile plated structures whether it be for
static or seismic loads. It is felt that this is now a major
issue in the advancement of plating.

5.1 Moment redistribution requirement

To illustrate the importance of ductility, let us con-
sider the plated beam in Fig. 10. Let us assume that the
hogging regions are already plated and have a plated
capacity of (Mh)p and the sagging region is unplated
with a sagging capacity of (Ms)u. Curve A is the distri-
bution of moment at failure if both sections can reach
their moment capacity and which has a static moment
capacity of (Mh)p + (Ms)u. If the hogging plated region
is brittle, that is having attained its moment capac-
ity it is unable to maintain its moment capacity with
further rotation, then the distribution of moment at
failure is given by curve B where the static moment
is 1.5(Mh)p, this could be less than the static capacity
(Mh)p + (Ms)u so there is no point in plating the sag-
ging region. In contrast, if the hogging region is ductile
and can redistribute 30% of its moment as shown, then
the static moment increases to 1.5(Mh)p/0.7 in curve
C which is a 43% increase over the brittle scenario.
Hence the sagging region can be plated to increase
its strength from (Ms)u to 1.5(Mh)p/0.7 − (Mh)p. It is
also worth noting in this example that as moment redis-
tribution does not occur in the sagging plated region
then brittle plated sections, such as FRP surface plates
can be used here. In contrast, in the hogging region
the plated sections must be ductile to accommodate
the 30% redistribution which would probably require
the use of metal surface plates or FRP near surface
mounted plates.

5.2 Moment redistribution concept

The concept of moment redistribution is illustrated in
Fig. 11 for the case of a continuous beam with the same
moment/curvature (M/χ) response in the hogging and
sagging region, Fig. 11(a). In this example, the hog-
ging region has to maintain its moment capacity at
Mu whilst the sagging capacity increases from Mu/2
to Mu, Fig. 11(a) and (b). Hence in the hogging region,
the secant flexural rigidity reduces from EI to (EI)sec,
Fig. 11(a). There are two approaches that allow for this
moment redistribution. It can either be assumed that
the rotation required occurs in a small plastic hinge,
Fig. 11(c) which accommodates the discontinuity in
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Figure 10. Moment redistribution in plated beam.

M

sag2
sag1

hog1

hog2

Mu/2

Mu/2

Mu

Mu

Mu

(c)
plastic hinge
ku approach

(e)
deformation

dy/dx=0: EI approach

dy/dx > 0:  ku approach

EI

elastic

χy χdb χcχ
EI

support support

(EI)sec

Lhinge
(d)
flexural
rigidity
EI approach

EI

point of
contraflexure

point of
contraflexure

(EI)sec(EI)sec

(b)
moment
redistribution

(a)
moment
curvature

hogging ductility

plate
debonds

concrete
crushes

plastic hinge

hogging regions
saggion region

Figure 11. Moment redistribution concept.

the slope at the support, Fig. 11(e), which is the neu-
tral axis depth (ku) approach. Alternatively, it can be
assumed that there is no discontinuity in the slope,
Fig. 11(e), so that the moment redistribution is accom-
modated by variations in the flexural rigidities in the
regions, Fig. 11(d).
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5.3 Neutral axis depth (ku) approach

The amount of moment redistribution allowed by var-
ious RC codes is shown in Fig. 12. The ku approach
works because the rotation θ of a plastic hinge of length
Lhinge is given by

where χ is the mean curvature over the plastic hinge
and is equal to εc/kud where εc is the concrete crushing
strain and d is the effective depth. If it is assumed that
Lhinge = d and εc is constant, then θ is directly propor-
tional to 1/ku. Hence this approach only works when
concrete crushing governs failure which is usually not
the case for plated structures.

The mean values of ku in Fig. 12 are used in Fig.13
to show the interaction between the neutral axis depth
factor ku and the plate debonding strains εdb. To make
this comparison it is assumed that the concrete crushes
at εc and, hence, this is the pivotal point in the strain
profile even though it is realised that plate debonding
is likely to occur before concrete crushing which will
push the pivotal point to the left. Ranges of debonding
strains for CFRP surfaces plates, near surface mounted
CFRP plates and steel surface plates are shown. It can
be seen that the very low debonding strains associ-
ated with surface CFRP plates warrant 0% moment
redistribution, whereas near surface mounted CFRP
plates can accommodate about 20% redistribution and
steel surface plates can accommodate up to 30% redis-
tribution as they can be designed to yield prior to
debonding. However, unless the plate can be designed
not to debond before concrete crushing at εc then the
ku approach cannot be used.

5.4 Flexural rigidity approach

The flexural rigidity approach assumes that there is
no discontinuity at the support, Fig. 11(e), so that

kud =
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Figure 13. Moment redistribution in plated structures.
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moment redistribution is accommodated by variations
in the flexural rigidities between the hogging and sag-
ging regions, Fig. 11(d). The flexural rigidities can be
obtained directly from the M/χ behaviour of the plated
section, Fig. 14. In the example in Fig.11, the sagging
joint has only to attain its moment capacity such as Msu
in Fig. 14 so that the flexural rigidity remains fixed
at (EI)s. Whereas, the hogging region has to reduce
in stiffness, to accommodate the moment being redis-
tributed from the hogging region, from (EI)h to (EI)sec
at the debonding curvature, that is the curvature at
which the plate strains reach εIC.

In summary, the ku approach should only be used
for unplated sections or for plated sections in which
concrete crushing at εc precedes plate debonding; this
limits the use to plates with very high debonding
strains such as thin steel plates where yield occurs
prior to debonding. The flexural rigidity approach can
be applied to any debonding strain εIC and can even
be applied to plated beams in which debonding occurs
whilst the section remains pseudo elastic.

6 ANALYSIS OF FLEXURAL CAPACITY
AND DUCTILITY

The sectional analysis for the flexural capacity of a
plated beam is shown in Fig. 15. The section can fail,

443



εdb

ε(strain) σ  (stress)

pivotal
point

F (force)
possible

pivotal strains

εrebar

εdb εfrac
(a) (b) (c) (d) (e)

εc 
 χdb

Figure 15. Flexural analysis.

Fig. 15(b), by either concrete crushing εc, fracture of
the reinforcing bars εrebar , fracture of the plate εfrac or
debonding of the plate εdb; it is a question of find-
ing which of these failure modes occurs first. For the
case of plate debonding, Fig. 15(c), the strain profile
is pivoted about the debonding strain until longitudi-
nal equilibrium, Fig. 15(e), is found. From which, the
moment capacity can be obtained as well as the cur-
vature χdb and hence flexural rigidity (EI)sec for the
moment redistribution analysis. It is essential in this
analysis to allow the concrete to remain in part elastic
as in Fig. 15(d).

7 ANALYSIS OF SHEAR CAPACITY

It is now recognised that longitudinal plates debond
at the formation of a critical diagonal crack which
is totally independent of the presence of stirrups. It
is, therefore, a question of finding the increase in the
concrete component 	Vc due to plating of the shear
capacityVc.There would appear to be two approaches.
Those which determine 	Vc as well as its position and
orientation θ within a region as shown in the hogging
region in Fig. 16, in which case only part of the region
needs to be plated. The other approach determines
	Vc but not the position nor orientation of the crit-
ical diagonal crack and, hence, all of the region needs
to be plated and fully anchored, Le, as in the sagging
region.

It needs to be stressed that the purpose of these
analyses is to determine the shear load at which CDC
debonding occurs. In a slab without stirrups, this hap-
pens to also be the shear capacity. However in a beam
with stirrups it is the shear to cause plate debonding
after which the beam behaves as unplated and its shear
capacity may be greater due to the contribution from
the stirrups.

8 SUMMARY

The design philosophies are illustrated in Fig. 17 for
an encastre beam with a uniformly distributed load.
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Figure 16. CDC debonding approaches.
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Figure 17. Summary of design philosophies.

1. Moment redistribution, Fig. 17(a), can be accom-
modated using the flexural rigidity approach,
Fig. 17(b), where the flexural rigidity of the region
redistributing moment can be obtained from the
curvature at which debonding occurs.

2. Moment redistribution code approaches based on
the neutral axis depth factor ku can only be used in
unplated regions or where the plate debonding strain
is very large so that concrete crushing precedes
plate debonding.

3. The anchorage approach, Fig. 17(c), requires the
plate to be terminated close to a point of con-
traflexure in order to achieve the maximum plate
strains and, hence, beam ductilities. The IC debond-
ing resistance now depends on both the IC pull-test
resistance but also on the beam properties that is the
distribution of the applied load and flexural cracks,
and also on the sectional properties. The beam must
still be checked for CDC debonding but not for PE
debonding.

4. The hinge approach, Fig. 17(d), restricts the IC
debonding resistance to that obtained from a pull-
test and hence the IC debonding resistance is inde-
pendent of the beam and sectional properties, so
that this approach can be applied to plates on any
surface of the beam. CDC and PE debonding have
to be checked.
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strengthening concrete beams
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ABSTRACT: Strengthening concrete structures with fibre reinforced polymer materials have today grown to
be a widely used method over many parts of the world. To utilize the FRP (Fibre Reinforced Polymers) more
efficiently, prestressing may be used. Most of the research carried out with prestressed Carbon Fibre Reinforced
Polymers (CFRP) for strengthening has been with surface bonded laminates. However, in this paper tests with
prestressed CFRP quadratic rods placed in the concrete cover in sawed grooves are discussed. This have proven to
be an advantageous way of bonding CFRP in the concrete structure, and the transfer of the shear forces between
the CFRP and the concrete become more efficient. This compared to surface bonded laminates. In the presented
tests no mechanical device has been used to keep the prestress during testing, which then means that the adhesive
has to transfer all shear stresses to the concrete. Furthermore the tests show that the prestressed beams exhibit a
higher first crack-load as well as a higher steel-yielding load compared to non-prestressed strengthened beams.
The ultimate load at failure is also higher, compared to nonprestressed beams, but in relation not as large as for
the cracking and yielding loads.

1 INTRODUCTION

All over the world there are structures intended for
living and transportation. The structures are of vary-
ing quality and function, but they are all ageing and
deteriorating over time. Of the structures needed in 20
years from now about 85–90% of these are probably
already built. Some of these structures will need to
be replaced since they are in such bad condition. It
is not only deterioration processes that make replace-
ment necessary, errors can have been made during the
design or construction phase so that the structure needs
to be strengthened before it can be fully used. New
and increased demands from the transportation sector
may furthermore be reason for strengthening. If any of
these situations should arise it needs to be determined
whether it is more economical to strengthen a struc-
ture or to replace it. A strengthening method that has
been increasingly used the last decade is plate bond-
ing with Fibre Reinforced Polymers (FRP) materials.
Extensive research and laboratory testing has been
carried out all over the world and at many different
locations.These investigations show that the method is
very effective and a considerable strengthening effect
can be achieved (Meier, 1995).

At Luleå University of Technology, Sweden,
research is carried out in the area of plate bond-
ing. The research work started in 1988 with steel

plate bonding and is still continuing, now with FRP
materials. Both comprehensive experimental work and
theoretical work have been accomplished (Täljsten,
1994). The laboratory tests have included strengthen-
ing for bending as well as for shear (Carolin, 2003) and
torsion (Täljsten, 1998). Full-scale tests on strength-
ened bridges have also been performed (Täljsten,
1994, Täljsten and Carolin, 1999). In the area of the-
ory, the peeling stresses in the bond zone at the end
of the strengthening plate have been studied in par-
ticular; in addition the theory of fracture mechanics
introducing non-linear behavior in the bond has also
been investigated (Täljsten, 1994, 1996, 1997).

In Sweden FRP strengthening have been used in
the field for almost 10 years now and both laminates
and wrap systems have been and are used. Sweden is
also one of the countries where a national code exists
for external FRP strengthening of concrete structures
(Täljsten, 2003).

2 PRESTRESSING WITH NSMR

The purpose with NSMR (Near Surface Mounted
Reinforcement) is to insert additional reinforcement
into sawed grooves in the concrete cover. The idea
of placing extra reinforcement in the concrete cover
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Figure 1. Schematic sketch of NSMR.

for strengthening is not new. The first known doc-
umented application was made in northern Sweden
in 1940’s where a bridge slab had to be strengthened
in the negative moment zone (Asplund, 1949). Steel
bars where placed in the concrete cover and bonded
with a cement grout. Before the actual strengthening
was carried out, four test slabs were loaded until fail-
ure, strengthened with the same technique. The results
proved that the method could work and by March 1948
more then 600 meters of steel bars were bonded in
the concrete cover of a bridge. However, in these type
of applications it might be difficult to obtain good
bond to the original structure, and in some cases, it
is not always easy to cast the concrete around the steel
reinforcing bar.

Researchers have tested NSMR with CFRP circu-
lar rods (De Lorenzis et al, 2000, Hassan and Rizkalla,
2001). A pilot study with rectangular rods has earlier
been undertaken at Luleå University of Technology
with the first tests done in 1996 (Täljsten and Carolin,
2001) and prestressed NSMR (Nordin, 2003). The
sawing of grooves is only possible on structures with
sufficient concrete cover to the steel reinforcement.
One should remember that the thickness of the con-
crete cover is primarily depending of the workmanship
when the structure was built rather than the code that
design was based upon.

Opposite to external strengthening techniques the
use of NSMR will, in a better way, protect the strength-
ening material from external damage. Another advan-
tage is that the concrete surface will not be completely
covered as in some cases with CFRP wraps, which
can lead to built-in moisture in the structure with pos-
sible future freeze-thaw problems. In Figure 1, the
principle for NSMR is shown. It can be noticed in
Figure 1 that it is possible to achieve an increased
bond surface with NSMR compared to traditional lam-
inate plate bonding. This implies that more energy
is needed to introduce failure in the concrete. This
assumes sufficient bond between the CFRP and the
concrete.

The insertion of the strengthening material in the
concrete cover should vouch for a more efficient force
transfer between the concrete and the composite. The

bonded area will change and be dependent of the
geometry of the inserted reinforcement. If the rods are
placed too close to each other, the failure may occur
from interaction between the two rods and maybe also
by interaction from the existing steel reinforcement.

Full-scale tests and field applications have shown
that the pre-treatment when using plate bonding can
be work intense and therefore often expensive. In tra-
ditional plate bonding the concrete laitance layer must
be removed and the aggregates must be exposed before
adhesive and the composite can be applied, this to
ensure good bond between the constituents. In the
most cases this may be carried out by sandblasting
and is neither complicated nor expensive. However, if
the surface has larger irregularities, from formwork
for instance, then a more powerful surface treatment
is often needed. Often grinding in combination with
sandblasting is used, this work is often time consuming
and costly.

When placing the strengthening material in pre-
sawed slots in the concrete cover no surface treatments
are needed, except cleaning with medium pressurised
water, approximately 150 bars, immediately after saw-
ing. In addition, if a stiff “rail” is used as support for
the saw then the grooves will become straight and are
possible to make also on rough surfaces. This is prob-
ably also a more advantageous method for the workers
to do the pre-treatment compared to grinding, at least
from a work environmental point of view.

Another issue regarding the execution work is the
use of thermosetting polymers as epoxy. Epoxy, if it is
handled in a wrong way, may be allergenic and harm-
ful to man. Therefore the possibilities to replace the
epoxy by cement grout would be preferable. This will
also give possibilities to use NSMR under conditions
with high humidity and even in submerged conditions.
Another possible way to carry out the bonding works
is to use injection or infusion techniques (Täljsten and
Elfgren, 2000).

Probably, the biggest advantage of NSMR can
be found in increased force transfer compared to
laminates, but also increased durability and impact
resistance are advantages with the technique. Traffic
running underneath a bridge with low clearance may,
sooner or later, result in damages on the bridge. For a
concrete bridge this is not critical but can cause severe
damages to an unprotected and badly designed rein-
forcement, for example traditional plate bonding as
well as external post tensioning are very sensitive for
vehicle impact.

In addition fire, vandalism and environmental loads
may also harm the composite. A damage of the rein-
forcement can give severe problems and eventually
failure of the structure. With NSMR the fragile com-
posite will be more protected from outer damage then
traditional plate bonding and external post tensioning
systems.
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3 THEORY

CFRP composites may be prestressed to achieve a
more effective utilization of the material. There are
also several other reasons why a prestressing force
should be applied to a concrete structure. One reason to
prestress is that the applied axial load induces a bend-
ing moment that opposes the self-weight of a concrete
structure, (Garden and Hollaway, 1998). Another rea-
son is that the first crack load is considerably increased
compared to non prestressed strengthened beams and
beams without strengthening, this can increase the
durability of the concrete structure. However, the
ultimate load is approximately the same as non pre-
stressed strengthened concrete structures (Wight et al,
1995).Tests on concrete beams prestressed with CFRP
sheets at room and low temperatures have also been
carried out (El-Hacha et al, 2001).

One of the most important advantages when
strengthening a structure with prestressing members
is the reduction of stress in existing tensile steel rein-
forcement. This should indicate an increase of the
fatigue behaviour of the members in the structure
(Garden and Hollaway, 1998) and (Wight and Erki,
2001).

In design for strengthening in bending with NSMR,
the same design equations as for traditional FRP
strengthening may be used, see equation (1). Equations
for anchorage and peeling failure need to be somewhat
modified, see for example (De Lorenzis et al, 2002,
De Lorenzis and Nanni, 2002 and Harmon et al, 2003).

Here Md is the designed bending moment, A′
s, As

and Af are the cross sectional areas of compressive
reinforcement, tensile reinforcement and composite,
respectively. Ef is the Young’s modulus of the com-
posite and εf the strain in the composite. σ ′

s is the
stress in compressive reinforcement and fy the yield
stress in the tensile reinforcement, ds and d ′

s are the
level arm to the tensile and compressive reinforcement,
respectively.

The distance to the neutral axis is denoted x, β is
a factor considering the simplification of the com-
pressive stress block of concrete, and here β is set to
0.4.

The theoretical stress and strain distribution of a
rectangular prestressed beam with NSMR is shown in
Figure 2. Here Figure 2b shows the strain distribution
where it has been assumed that plain sections remain
plain during loading. In Figure 2c and 2d the stress
distribution due to the bending moment and the pre-
stressing force is shown.

Figure 2. Stresses and strains acting on a prestressed
cross-section.

Study Figure 2c, the stress at level z from the
bending moment is:

Correspondingly the stress from the compressive
force at level z is:

The combination of these stresses gives the total
stress at level z:

where the bending moment, M , acts on a cross sec-
tion together with a prestress force P. Here, e is the
level arm from the centre of gravity to the prestress
force; z is the distance from the centre of gravity
to studied lamella. A and I are the cross sectional
area and moment of inertia for an un-cracked section
respectively.

4 LABORATORY SET-UP

In this study a total of 15 concrete beams have been
tested. The beams tested were four meters long with a
cross-section of 200 × 300 mm. The longitudinal steel
reinforcement was 2 Ø16 Ks 500 at the upper and
lower part of the beam. The steel stirrups was placed
at a spacing of 75 mm and consisted of Ø10 steel
bars with the same steel quality as for the longitu-
dinal steel. A 15 × 15 mm groove was sawn up in the
concrete cover in the bottom of the beams, see Fig-
ure 3. One beam acted as a reference and was not
strengthened, four beams were strengthened without
prestressing and the remaining 10 were strengthened
with prestressed quadratic CFRP rods. During the tests
three variables were changed for the NSMR rods;
bond length, modulus of elasticity and the prestressing
force.
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Table 1. Data of the CFRP used.

Ef εfu ff
[GPa] [‰] [MPa]

BPE® NMSR 101S 160 17.5 2800
BPE® NMSR 101M 250 8 2000

Two bond lengths were tested, 3200 mm and
4000 mm, in most field applications it is not possi-
ble to place the CFRP rod over the whole beam length
due to the supports and therefore a 3200 mm rod that
not goes beyond the supports was tested.

Two types of NSMR quadratic rods was used;
BPE® NMSR 101S and BPE® NMSR 101M. The S
rod has a modulus of elasticity of 160 GPa and the M
rod 250 GPa. The cross-section for both types of rods
used is 10 × 10 mm. In Table 1 the material data for
the rods are recorded.

In the tests two levels of prestressing force were
aimed to be used, 32 kN and 56 kN, those loads corre-
sponding a stress in the rods of 320 MPa and 560 MPa
respectively.

In Table 2 the different types of beams tested
can be seen. In the Table S and M are the two
qualities of CFRP rod and P stands for prestressed.
The concrete used had an average compressive
strength fcc = 65 MPa and an average tensile strength
fct = 3.7 MPa, for each beam three tests were made for
both compressive and tensile strength.

During the tests the midpoint displacement, the
strain in the CFRP (four gauges), tensile steel rein-
forcement (three gauges) and the upper part of the
concrete (two gauges) was measured.

In all the tests BPE® Lim 465/464 epoxy adhesive
was used. The properties for the adhesive are recorded
in Table 3, where fac and fat is the compressive respec-
tively tensile strength of the adhesive. Ea denotes the
Young’s modulus of the adhesive used.

The prestressing was made with the beams placed
on the floor with the bottom face up. The pre-sawed
slots were cleaned from all contaminations such as dust

Table 2. Beams tested.

CFRP Prestress

Length Load Strain
Beam [mm] E [GPa] [kN] [µstr]

Ref – – – –
BS1 3200 160 – –
BS2 4000 160 – –
BM1 3200 250 – –
BM2 4000 250 – –
BPS1 4000 160 29 1800
BPS2 4000 160 30 1870
BPS3 3200 160 33 2060
BPS4 4000 160 35 2160
BPS5 3200 160 56 3500
BPS6 4000 160 56 3500
BPM1 3200 250 32 1280
BPM2 4000 250 32 1280
BPM3 3200 250 54 2140
BPM4 4000 250 38 1500

Table 3. Material properties of the epoxy adhesive.

fac fat Ea
[MPa] [MPa] [GPa] Viscosity

BPE® Lim 465/464 103 31 7 Tix

and small particles and were the filled with sufficiently
amount of adhesive at time for bonding/prestressing.
The rods were then positioned in the adhesive filled
slots. The quadratic rods were then subjected to a pre-
stressing force until the sufficient strain was reached.
The epoxy adhesive was then left to cure for 5 days
in ambient conditions (20◦C and 50% RH) before
releasing the prestressing force.There was no mechan-
ical anchorage used and consequently at releasing the
prestress the adhesive had to transfer all the shear
stress in to the concrete. In Figure 4 the beams during
prestressing are shown.
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Figure 4. Prestressing set-up.

Table 4. The tensile strain on the CFRP, at the
middle and the end, before and after release of
prestress force.

Middle

Initial After Loss
Beam [µstr] [µstr] [%]

BPS1 1802 1708 5.2
BPS2 1869 1816 2.8
BPS3 2095 2003 4.4
BPS4 2189 2101 4.0
BPS5 3386 3273 3.3
BPS6 3496 3166 9.4
BPM1 1234 1180 4.4
BPM2 1261 1184 6.1
BPM3 2060 1761 14.5
BPM4 1481 1368 7.6

5 RESULTS FROM TESTS

5.1 Prestressing

After the adhesive in the slots had cured for five days
the prestressing force was released and taken as shear
forces in the bond zone. A compressive force was then
introduced to the lower part of the beam and a tensile
force to the upper part.The strain at the ends of the rods
(bonded area) was mostly lost when the prestressing
force was released. But after less then 200 mm along
the rod the loss of prestressing strain was only about
10–20% (depending on prestressing force), this loss
should be able to be avoided with a mechanical anchor
system. At the middle of the beam the strain loss was
between 5 to 10%, see Table 4.

For the ends of the rods it became clear that the
workmanship of the strengthening was very important.

The beams with the smallest loss of strain at the
ends were the beams where the strengthening had been
carried out with least problems.

Table 5. The significant values for loads and midpoint
displacement.

Cracking Yielding Ultimate

Load Displ. Load Displ. Load Displ.
Beam [kN] [mm] [kN] [mm] [kN] [mm]

Ref 10 1.2 70 33 75 61
BS1 14 2.0 90 22 123 50
BS2 13 1.9 87 23 117 55
BM1 11 1,8 105 28 122 41
BM2 11 1,8 106 27 122 37
BPS1 20 2.4 97 25 121 46
BPS2 21 2.0 95 23 121 44
BPS3 23 2.3 105 26 120 38
BPS4 23 2.3 108 26 123 39
BPS5 26 2.2 119 28 122 33
BPS6 N/A N/A 117 28 148 107
BPM1 25 2.5 121 28 128 32
BPM2 25 2.8 122 28 132 33
BPM3 32 3.7 129 28 131 30
BPM4 23 2.3 121 28 123 29

When studying Table 4 it can be seen that there is
no difference in loss between the rods with different
modulus of elasticity, the percentage loss is about the
same for both. It is the prestressing force that has an
effect on the strain loss at the end.

5.2 Bending tests

The tests in bending have shown interesting and
promising results. In Table 5 are the significant
loads with midpoint displacement presented (cracking,
yielding of steel reinforcement and ultimate loads).
The results show that both an increased cracking load
and steel yielding load can be achieved by strengthen-
ing with prestressed CFRP rods in the concrete cover
of a beam. All the strengthened beams failed by fibre
rupture.

The results from the tests that can be seen in Table 5
indicate that there is no difference between beams
strengthened with 3.2 m rods and 4 m rods when test-
ing bending. It was however noticed that there was
cracks from the end of the rods when using 3.2 m rods,
the cracks is most likely due to the high peeling stresses
at the end of the rod.

There is a significant difference between cracking
and yielding loads when comparing the effects of dif-
ferent prestressing forces. For concrete cracking loads
the percentage difference is largest.The force that have
been introduced to the lower part of the beam when pre-
stressing the CFRP rod increases the loads needed to
create cracks in the concrete. Since higher prestressing
forces created higher stresses in the concrete and steel
higher loads are needed to counteract those forces.
When it comes to steel yielding the higher compressive
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Figure 6. The strain over the height of the beam at the load
100 kN.

forces in the lower part of the beam helps delaying the
steel yielding to higher loads.

5.3 Comparison theory and test

Using equation (4) the theoretical strain for beam
BSP4 has been compared to the measured strain at
the midpoint of the beam. The comparisons have been
done directly after the release of the prestressing force,
Figure 5, and at 100 kN load during bending, Figure 6.
The strain from the tests have been measured from

three points on the beam, at concrete on the top, on the
steel reinforcement on the lower part of the beam and
on the CFRP rod. When studying Figure 5 and 6 the
theory correspond well to the tests.

6 CONCLUSIONS

Fifteen concrete beams have been tested; fourteen
of these were strengthened with rectangular NSMR
rods. The results from the tests show that strength-
ening technique using CFRP bonded in the concrete
cover is a efficient method to transfer the stresses
between CFRP and concrete, both for nonprestressed
and prestressed CFRP. The problems with end peeling
of the strengthening material that have been a problem
when prestressing surface bonded CFRP laminates are
minimized with the use of NSMR rods.

The tests show a large increase in crack and steel
yielding loads. The increase in load for steel yield-
ing can be very important for a constructions life, the
fatigue behaviour will improve and as a consequence
the crack widths will be smaller which then can result
in a more advantageous behaviour in the service limit
state (SLS) with increased durability.

Furthermore, it is showed in the tests that the
force transfer between the prestressed rectangular
CFRP rod and concrete works very well, even without
mechanical anchorage devices.

It is the authors’ belief that it in the near future
will be possible to use this prestressing technique in
field applications. It would, though, be preferable to
use mechanical anchorages at the end to minimise the
strain loss due to prestressing and to avoid future creep
in the bond zone.

7 CURRENT WORK

During the spring and summer of 2004 a series of
tests is being done comparing different strengthen-
ing techniques. A total of 7 beams have been tested
including external prestressing with steel and CFRP
tendons, the NSMR technique is also being used,
both with and without prestress. The beams tested are
T-beams with a length of 6 meters; the cross section
and the test set-up of the beams can be seen in Figure 7.

The beams tested are only described briefly since
evaluation of the tests is still ongoing. First a refer-
ence beam was tested (Reference), then two beams
with external prestressed steel tendons (Steel A and
Steel B), the first where the tendon follow the bending
moment curve and the second where straight tendons
were used. The next tested beam was reinforced with
an internal post-stressed steel tendon (Steel C). For
the beam denoted CFRP in Table 6 prestressed circular
CFRP tendons were used. Then two beams were tested
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Table 6. The preliminary results from the tests.

Cracking Yielding Ultimate
Beam [kN] [kN] [kN]

Ref 25 105 105
Steel A 75 205 303
Steel B 75 203 243
Steel C 74 208 274
CFRP 50 145 159
NSMR NP 27 180 288
NSMR PS N/A 220 324
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Figure 8. Load–deflection curves of the reference and the
NSMR beams tested.

with NSMR, one with non prestressed NSMR (NSMR
NP) and one with prestressed NSMR (NSMR PS).
In Figure 8 the load–deflection curve from the tested
NSMR beams and the reference beam are shown. It can
clearly be seen in Figure 6 that the prestressed beam
had a higher internal steel-yielding load compared to
the non-prestressed beam.

As the tests still are being evaluated only the crack-
ing, yielding and ultimate load are presented and in
Table 6 these preliminary results are shown. The beam

with external prestressed CFRP tendons had problems
with slippage in the anchorage device and therefore
the load results are lower then it probably would be
if the anchorage would had worked properly. However,
this test will be repeated.

Nevertheless, an early conclusion that can be drawn
from these tests is that both external prestressed steel
cables and the NSMR strengthening technique (with
or without prestress) gives a good strengthening effect
on the tested beams.

Externally prestressed CFRP cables may also be
a profitable technique, but here improvement with
anchorage is needed.

8 FUTURE WORK

As the results from the tests presented has shown that
the prestressing NSMR technique can be an efficient
strengthening method, the next step is to investi-
gate more parameters that may affect the strengthen-
ing result. This might be multiple prestressed rods,
anchor device for the ends, strengthening of different
structural elements, to mention a few.

Of utmost importance is to develop a strengthening
system that will be practical applicable in the field.
Such a system will include a semi-mechanical anchor-
age system which will be critical for prestressing the
rods but also will help maintain the prestressing force,
i.e. decreasing the strain loss at the ends. The long-
term behaviour has to be studied. What happens over
time with the prestress? For example, how will creep
affect the strengthening?

The very next step is to improve the anchorage
for both external CFRP tendons as well as for the
prestressed NSMR rods.

To investigate the normal and shear stress in the
CFRP rods, tests are going on, where an optical fibre is
integrated in the composite. Opposite to strain gauges,
with the fibre optics it might be possible to see what
happens in the entire strengthening material and not
only at discrete points.This technique will first be used
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in the laboratory to optimise the anchorage device, but
if it works as intended it will also be used in field,
where it then would be possible to follow a structure
over time.
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Static behavior of 40 year-old prestressed concrete bridge girders
strengthened with various FRP systems

O.A. Rosenboom, R.O. Carneiro, T.K. Hassan, A. Mirmiran & S.H. Rizkalla
North Carolina State University, Raleigh, NC, USA

ABSTRACT: This paper presents preliminary experimental results of a research program aimed at investigating
the static behavior of 40 year-old prestressed concrete bridge girders strengthened with various Carbon Fiber
Reinforced Polymer (CFRP) systems. Five 40 year old, 9.14 m long, prestressed bridge girders have been tested:
one control and four specimens strengthened with various CFRP systems. Test results showed that there is
virtually no difference in behavior between the control and the strengthened specimens up to yielding of the
prestressing strands, which occurred well after the expected service loading level of the bridge. The measured
ultimate strength was increased according to the design value based on finite element analysis. The behavior of
the tested specimens was predicted using non-linear finite element analysis. Excellent agreement was observed
between the measured and the predicted behavior up to failure. Cost-effective analysis was also performed for
various CFRP strengthening techniques. Comparing the percent increase in ultimate strength to the cost of the
strengthening procedure, near surface mounted (NSM) technique has proven to be the most cost-effective system.

1 INTRODUCTION

1.1 Research objectives

The primary objective of the research described in this
paper is to provide the prestressed concrete industry
as well as the departments of transportation with a
value engineering and cost-effectiveness analysis of
prestressed concrete bridge girders strengthened with
various CFRP systems. The feasibility of using CFRP
strengthening systems to upgrade the load carrying
capacity of prestressed concrete bridges is investi-
gated. Although there is an ever-expanding research
database of reinforced concrete strengthened with dif-
ferent CFRP systems, the benefits of various strength-
ening techniques to prestressed concrete is limited
(Hassan & Rizkalla 2002).

1.2 Background

The characterization of NSM strengthening systems
with regards to performance has been well researched
for reinforced concrete members (Hassan & Rizkalla
2002, De Lorenzis & Nanni 2001, De Lorenzis et al.
2000). It has been proven to be a viable, if not
superior, alternative to externally bonded strength-
ening systems. With regards to prestressed concrete,
externally bonded (EB) systems have been applied to
aged prestressed girders (Takács & Kanstad 2000).
NSM strengthening was carried out on prestressed
slabs (Hassan & Rizkalla 2002). In both cases,

performance gains were made with respect to ultimate
load capacity. Debonding failure of externally bonded
FRP systems were observed by many researchers most
often at the termination point of the FRP strip/sheet
for strengthened systems with a short span, and at
the mid-span section for long span members. Many
rational models predicting the failure loads of rein-
forced concrete members strengthened with FRP due
to plate end debonding have been proposed (Smith
andTeng 2001). Nevertheless, very little research work
has been reported on the mid-span debonding mech-
anism (Wu & Niu 2000). Although of less concern
in NSM systems, debonding models have been char-
acterized from earlier plate-based work (Hassan &
Rizkalla 2003).

2 EXPERIMENTAL PROGRAM

2.1 Test specimens

As part of the extensive research program sponsored by
North Carolina Department of Transportation, five 40
year old 9.14 m long prestressed concrete bridge gird-
ers were tested at the Constructed Facilities Laboratory
(CFL) at North Carolina State University (NCSU).

One specimen was tested as a control specimen,
while the remaining four specimens were strengthened
with NSM CFRP bars, strips and externally bonded
CFRP strips and sheets. All five specimens were
C-Channel type prestressed concrete bridge girders as
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Figure 1. Plan and cross-section of C-channel girders.

shown in Figure 1. The girders were taken from the
same bridge in Cartaret County, NC, USA, which was
erected in 1961. The girders were in fair to good con-
dition upon delivery. According to core samples tested
per ASTM C42, the average compression strength of
the concrete ranged from 48 MPa to 74 MPa. Each
girder had ten 1725 MPa seven-wire stress relieved
prestressing strands (five in each web) and a 125 mm
deck with minimal reinforcing as shown in Fig-
ure 1. The wearing surface had been removed prior to
delivery. The camber of the girders at mid-span due to
prestressing and self weight was 40 mm.

Four different types of CFRP systems were applied
to the two webs in each strengthened specimen: two
were Externally Bonded (EB) and two were Near-
Surface Mounted (NSM). Within the limits of the
geometry of the supplied materials and specimen
dimensions, they were all designed to achieve 30
percent increase in strength. The first EB system

used one 50 mm wide Sika CarboDur strip per web,
bonded using SikaDur 30 adhesive. The second EB
system used two and a half 50 mm wide plies of
VSL V-Wrap C-200 sheets per web bonded using
VSL saturant. The first NSM system used one 10 mm
Aslan 200 CFRP bar per web. The bars were pro-
vided by Hughes Brothers and were bonded using
SikaDur 30 adhesive. The second NSM system used
two 2 mm×16 mm Aslan 500 strips per web provided
by Hughes Brothers. The strips were bonded together
prior to strengthening using SikaDur 30 adhesive.
The strips were bonded to concrete using the same
adhesive.

For the two EB systems, 150 mm wide U-wraps
were provided at 900 mm spacing along the length
of the girder to control the debonding mechanism.
Figure 1 shows the reinforcement details and Table 1
provides the material properties of the CFRP systems
along with the groove dimensions.
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Table 1. Material properties of CFRP strengthening
systems.

AFRP EFRP fuFRP w∗
G d∗

G
System (mm2) (GPa) (MPa) (mm) (mm)

NSM bars 130 124 2070 19 19
NSM strips 130 131 2070 19 19
EB strips 119 165 2800 – –
EB sheets 84 228 3790 – –

∗wG and dG are the width and depth of the NSM groove,
respectively.

2.2 Design of strengthened specimens

The design of the strengthened specimens proceeded
after the testing of the control specimen. The objec-
tive of the strengthening was to achieve a 30 percent
increase in the ultimate load carrying capacity in com-
parison to the control specimen. Each strengthened
specimen was designed using a cracked section anal-
ysis program (Response 2000). The manufacturer’s
properties were used to model the FRP materials.
The prestressing and mild steel reinforcing proper-
ties were taken from the provided specifications. The
concrete strength was obtained from core samples.
It was recognized that the EB systems are more prone
to delamination compared to NSM systems. Accord-
ing to Malek et al. 1998, the shear stresses at the cut-off
points of the CFRP sheets/strips were significantly
less than the shear strength of the concrete. There-
fore, plate-end debonding should not be a concern.
To delay delamination-type failures along the length
of the girder, 150 mm wide U-wraps were provided
at 900 mm spacing. This arrangement of the U-wraps
was selected to simulate typical anchorage details
commonly used for reinforced concrete members.

2.3 Test setup/instrumentation/loading

The girders were tested using a 490 kN MTS hydraulic
actuator mounted to a steel frame placed at the midspan
of the girder. To simulate loading on an actual bridge,
a set of truck tires filled with silicon rubber filler were
used to apply the load from the actuator. The footprint
of the two tires was approximately 250 mm × 500 mm
per the AASHTO specified loading area (AASHTO
2003). The supports for the girders on either side
included a 64 mm thick neoprene pad, a 25 mm thick
steel plate and hydrostone used for leveling purposes.
The width of the neoprene pads was 216 mm, which
yielded a clear span for the girder of 8710 mm.

The behavior of the girders during testing was mon-
itored using a set of string potentiometers placed at
midspan, quarter span and at the ends to measure the
deformation in the neoprene pads. The compressive
strain in the top concrete surface was measured using
a combination of PI gauges and strain gauges placed
around and between the loading tires. PI gauges were
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Figure 2. Load–deflection behavior of the test specimens.

placed at the level of the lowest prestressing strands
to measure the crack width. Six strain gauges were
applied to the CFRP reinforcement. The specimens
were loaded up to a load level of 20 kN and unloaded
and then reloaded again up to failure with a rate of
2.5 mm/min. This loading scenario was used to deter-
mine the effective prestressing force in the girders by
observing the reopening of the flexural cracks (Zia &
Kowalsky 2002). Based on test results, the effective
prestressing per strand ranged between 67 to 80 kN.
After yielding of the prestressing strands, the loading
rate was increased to 5 mm/min.

2.4 Test results – control specimen

All the tested girders were uncracked prior to testing.
Cracking of the control specimen occurred at a load
level of 61.5 kN. Flexural cracks were evenly dis-
tributed along the length of the girder. It was observed
that steel stirrups acted as crack initiators even for
the strengthened specimens. Yielding of the prestress-
ing strands took place at a load level of 115 kN based
on the PI gauge readings. The specimen failed due to
concrete crushing at a load 148 kN with an ultimate
displacement of 228 mm. The average crack width at
failure was 1.9 mm according to the PI gauge read-
ings on the tension face. Due to confinement effects at
the loading zone, crushing occurred first at the edge of
the girder at midspan slightly before it occurred under-
neath the loading tires. The load–deflection behavior
as well as the load-concrete compressive strain behav-
ior are shown in Figures 2 and 3, respectively. Both of
these plots do not include the camber of the girder. The
concrete compressive strain at failure, εcu, was 0.0029.
Test results are summarized in Table 2.

2.5 Test results – strengthened specimens

Test results for the strengthened systems are sum-
marized in Table 2 and shown in Figures 2–4. Brief
descriptions of each test are provided below.
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Table 2. Summarized test results.

εFRP εcu
f′c Pe Pult Pcr (mm/ (mm/ I

System (MPa) (kN) (kN) (kN) mm) mm) (%)

Control 74 72 148 61.5 – .0029 –
NSM bars 66 80 181 55.0 .0137 .0036 22
NSM strips 60 69 182 55.0 .0146 .0035 23
EB strips 48 72 176 57.0 .0122 .0034 19
EB sheets 51 67 163 57.0 .0117 .0026 10

where f′c is average compressive strength of the concrete
based on core tests; Pe is the measured effective prestressing
force per strand; Pult is the ultimate load carrying capacity of
the test specimen; Pcr is the cracking load; εFRP is the max-
imum measured tensile strain in the FRP reinforcement at
ultimate; εcu is the maximum measured compressive strain
in the concrete at ultimate and I is the percentage increase in
ultimate capacity compared to the control specimen.

2.5.1 NSM CFRP systems
Both NSM Strengthened systems performed similarly
during testing. Both specimens experienced flexural
cracking at a load level of 55 kN. The initial stiffness
of the strengthened systems was identical to that of the
control specimen, as was the postcracking stiffness.
After yielding of the prestressing strands, presence
of the CFRP reinforcement constrains opening of the
cracks and consequently reduced the deflection com-
pared to the control specimen.The flexural cracks were
spaced closer together than the control specimen. The
failure of both girders strengthened with NSM CFRP
reinforcement was due to concrete crushing followed
by debonding of the NSM CFRP reinforcement at a
load of 180 kN for the NSM bars and 181 kN for the
NSM strips as shown in Figure 5. Since the ultimate
strain in the concrete controlled the failure mode of
both specimens, the curvature and consequently, the
deflection at ultimate were very similar.
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Figure 5. Typical failure due to concrete crushing of the
specimens strengthened with NSM CFRP systems.

Test results showed that strengthening of the pre-
stressed girders using NSM CFRP bars and strips
increased the ultimate load carrying capacity by 22
and 23 percent, respectively. The maximum measured
tensile strain in the NSM CFRP bars and strips at fail-
ure was 81 and 86 percent of the manufactured rupture
strain, respectively.

2.5.2 EB CFRP systems
The performance of both prestressed concrete girders
strengthened with externally bonded CFRP strips and
sheets matched those strengthened with NSM systems
and the control specimen before and after cracking.
Flexural cracking at mid-span was observed at a load
level of 57 kN for both specimens. The flexural crack
spacing was similar to that of the NSM systems up to
failure. For the EB CFRP strips, failure occurred due to
midspan debonding of the strips between the provided
U-wraps at a load level of 176 kN.The debonded length
extended 3700 mm from midspan as shown in Figure 6.
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Figure 6. Debonding of externally bonded CFRP strips.

Figure 7. Rupture of externally bonded CFRP sheets.

Delamination occurred at the concrete substrate.
However, in some areas debonding at the FRP-
adhesive interface was observed possibly due to a poor
bond during installation. For the EB CFRP sheets, fail-
ure was due to rupture of the sheets at midspan at
a load of 163 kN as shown in Figure 7. After failure
it was also noted that the sheets had debonded over
a distance of approximately 500 mm from midspan.
The maximum measured tensile strain in the CFRP
sheets at failure was 1.17 percent, which is 70 percent
of the manufacturer’s guaranteed rupture strain. Com-
pared to the control specimen, the EB CFRP strips and
EB CFRP sheets achieved an increase in the ultimate
load carrying capacity of 19 percent and 10 percent,
respectively.

Figure 8 shows the applied load versus crack width
relationships for the tested specimens. Comparable
crack widths were observed for all the strength-
ened specimens. Strengthening of prestressed concrete
members using FRP systems decreased the crack
width at ultimate by 20–40 percent in comparison to
the control specimen.
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3 ANALYTICAL MODELING

3.1 Non-linear finite element model

The control specimen as well as the specimen strength-
ened with NSM CFRP bars (S1 and S2) were analyzed
using non-linear finite element program. The finite
element modeling described in this paper was con-
ducted using the ANACAP program (Version 2.1).
ANACAP software employs the classical incremental
theory of plasticity that relates the increment of plas-
tic strain to the state of stresses and stress increment
(James 1997). The concrete material is modeled by the
smeared cracking methodology in which progressive
cracking is assumed to be distributed over an entire ele-
ment (Gerstle 1981). The reinforcement is assumed to
be distributed throughout the concrete element. The
analysis is conducted using an incremental-iterative
solution procedure, in which the load is incrementally
increased. Within each increment equilibrium is itera-
tively achieved. At the end of each step, the ANACAP
program adjusts the stiffness matrix to reflect the non-
linear changes in the stiffness. Verification of the
ANACAP program using independent experimental
results can be found elsewhere (Hassan et al. 2000).

3.2 Modeling of the C-channels

Figure 9 shows the mesh dimensions used in the finite
element model. Due to symmetry, one quarter of the
girder was modeled as shown in Figure 9. The con-
crete was modeled using 20-node isoparametric brick
elements. Each node has three translational degrees of
freedom. The compressive strength of the concrete as
well as the effective prestressing in the strands were set
identical to the measured values, given in Table 2. The
wheel load was applied as uniform pressure acting on
the top of the girder. The load was applied gradually
using step-by-step analysis up to failure.
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The predicted load-deflection behavior for speci-
mens S1 and S2 compared to the experimental results
is shown in Figure 10. The predicted values matched
the experimental results with a sufficient accuracy.
Failure occurred due to crushing of the concrete at
the mid-span section. The predicted failure loads were
within one percent of the measured values for both
specimens. The tensile strain in NSM CFRP bars
at a distance of 600 mm from the mid-span section
was predicted using non-linear finite element analysis.
The results were compared to the measured values as
shown in Figure 11.

The predicted values compared well with the exper-
imental results up to a load level of 150 kN, beyond
which the experimental results were slightly less than
the predicted values. This could be attributed to possi-
ble slippage of the NSM CFRP bars from the surround-
ing adhesive. Such a phenomenon was not considered
in the analysis as a perfect bond was always assumed
between the concrete and the reinforcement.

S2: Strengthened with 2-No.10 NSM CFRP Bars
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Figure 11. Predicted and measured load-tensile strain
behavior of NSM CFRP bars.

4 COST-EFFECTIVENESS ANALYSIS

The benefits of NSM CFRP reinforcement for
strengthening were clearly highlighted in the previ-
ous sections. The advantage of using this system in
comparison to the EB system is obvious. Neverthe-
less, it may not be the most cost-effective solution due
to the time consumed in cutting of the grooves and
other installation requirements.

To closely resemble field conditions, the strength-
ening was conducted while the girders were placed
side by side as they would be on a bridge, supported
by a steel substructure provided by the NCDOT. The
strengthening started in February when night-time
temperatures were below those recommended for cur-
ing of adhesive by its manufacturer.Therefore a plastic
enclosure was provided as well as propane heaters.
This cost was assumed to be similar for all types of
bridges repaired under these conditions and was not
included in the analysis.

To determine the cost-effectiveness of each
strengthening technique the following items were con-
sidered: (1) labor cost of the professional FRP applica-
tors, (2) time taken to complete all tasks, (3) material
costs and (4) equipment used for strengthening. The
material costs include all primers, adhesives and CFRP
that may be required in a field application. Equip-
ment items included in Table 4 are the rental of the
sandblasting pot, compressor and the purchase of two
180 mm diamond saw blades used to cut the grooves.
All other equipment (such as grinders, mixers, safety
equipment, etc) is either assumed to be provided by the
contractor or used equally in each of the strengthening
systems. These values in Tables 3 & 4 should be used
for comparison purposes only.

The cost analysis indicated that the most cost-
effective systems (when comparing the variables
described above and the percent increase in ultimate
strength of the specimen) were the NSM systems.
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Table 3. Strengthening cost – labor.

NSM NSM EB EB
bars strips strips sheets

Task (hrs) (hrs) (hrs) (hrs)

Groove cutting 11 11 – –
Surface preparation 1.25 1.25 3.88 3.88
Lay-up 5.63 6.13 10 9.75
Total/beam 17.9 18.4 13.9 13.6
Total/meter∗ 2.17 2.23 1.69 1.66

$/meter∗∗ 97.65 100.35 76.05 74.70

∗ Based on a strengthened length of 8.23 m.
∗∗ Based on an assumed labor cost of $45/hour.

Table 4. Strengthening cost – materials/equipment/
summary.

NSM NSM EB EB
bars strips strips sheets

Task ($/m) ($/m) ($/m) ($/m)

Adhesive, primer, etc 21.44 21.44 16.48 8.54
CFRP 24.4 18.55 198.72 19.53
Equipment∗ 5.47 5.47 0.00 0.00
Sandblaster rental 2.40 2.40 7.44 7.44
Total/meter 53.72 47.87 222.65 35.51
(mat&equip)
Total cost/meter∗ 151.37 148.22 298.70 110.21
Cost effectiveness∗∗ 14.5 15.5 6.4 9

∗ Including labor costs above.
∗∗ Based on (% increase in ultimate strength)/(Cost per
meter) ×100.

Although being more labor-intensive to install, the
CFRP and adhesive are cheaper per meter than the EB
systems and the percent increase in ultimate strength is
greater. Of the EB systems, the CFRP sheets showed
the least increase in ultimate capacity. However, the
inexpensive material costs made it more cost-effective
compared to the externally bonded CFRP strips.

5 CONCLUSIONS

Five 40 year old 9.14 m long prestressed girders have
been tested under static loading: one control and four
strengthened with different CFRP systems. Based on
the results, the following conclusions can be drawn:

1. The ultimate strength of prestressed concrete mem-
bers can be substantially increased using FRP
strengthening systems. The ultimate load carry-
ing capacity of aged prestressed girders tested in
this research program increased by as much as
23 percent in comparison to the control specimen
according to the design value.

2. Serviceability could not be used as a criterion to
compare the efficiency of various FRP strengthen-
ing techniques for prestressed concrete members,
since negligible differences were observed among
the various techniques at the service load level.

3. The selected configuration of U-wraps enhanced
the behavior of the strengthened prestressed gird-
ers and delayed delamintaion of externally bonded
CFRP strips and sheets.

4. Using NSM or EB FRP systems reduced the crack
width at ultimate by 20–40 percent compared to the
unstrengthened specimen.

5. Defining cost-effectiveness as the percent increase
in ultimate capacity divided by the cost of the
strengthening, the most cost-effective systems are
those which utilize NSM strengthening. Exter-
nally bonded CFRP strips is the least cost-effective
system compared to the other techniques.

6. The behavior of the aged unstrengthened as well
as strengthened prestressed concrete girders can
be well predicted using a non-linear finite element
analysis.
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Bridge strengthening with prestressed CFRP plate systems

D. Millar & P. Scott
Sika Australia Pty. Ltd., Sydney, Australia

R. Clénin
Sika Services AG, Zurich, Switzerland

ABSTRACT: Thanks to intensive research and development projects at the Swiss Federal Laboratories for
Material Testing and Research (EMPA) in Dübendorf, Switzerland and at Sika, a composite strengthening
system with externally bonded CFRP plates were developed and successfully applied to strengthen the Ibach
bridge in 1991 in Switzerland. This paper presents a new technique to strengthen reinforced concrete structures
with prestressed bonded and/or non-bonded CFRP plate systems with worldwide applications especially for
bridge strengthening.

1 INTRODUCTION

Flexural strengthening of concrete structures with
CFRP plate systems are state-of-the-art nowadays.
Design regulations, recommendations and national
standards (ACI-440, fib, CSA S806, JBDPA, etc.) have
been established, and the use of non-prestressed CFRP
plate systems is already common in the construction
industry. Numerous tests world-wide have shown that
60% maximum of the tensile strength of CFRP plates
can be mobilised in ultimate limit state (ULS) because
the bond strength which depends primarily on the ten-
sile strength of the concrete cover is insufficient to
develop the tensile strength of CFRP plates.

2 PRESTRESSED CFRP PLATES

In 1993, Deuring [1] was the first to succeed in
prestressing CFRP plate at EMPA Laboratories. The
system is based on the principle of a stationary “violin
bow”. However this tensioning system is not suitable
for site application.

Appropriate anchoring of prestressed CFRP plates
into concrete is the way to exploit the full range of
its high strain capacity in the ultimate limit state.
Prestressing of plates allows you to:

• reduce stresses in re-bars in Service Limit State
• increase of the stiffness of structures
• increase flexural strength sensibly
• balance dead and permanent loads
• compress cracked concrete sections
• open new opportunities for CFRP systems

These were the reasons why, together with its con-
sultants and industrial partners, Sika developed &
tested systems for prestressing CFRP plates.

3 LEOBA CARBODUR SYSTEM

Table 1. System information.

CarboDur V914 E-Modulus, 165 GPa
CFRP plate min.

Dimension 90 × 1.4 mm Pre-tensioning 0.95%
strain

Cross-section 126 mm2 Tensioning force 200 kN

Tensile 2800 Mpa First 2001
strength, min. application

3.1 Anchorage systems

The conception of anchorage consists of temporary
anchors during prestressing of plates and the final
permanent anchors. The temporary anchor is a fric-
tion anchor where the CarboDur plate is clamped
between bolted steel plates and the prestressing force is
transmitted with sufficient margin of safety by simple
friction. Only permanent anchor needs to develop in
ULS the full strength, therefore it is a combination with
clamping and bonding [2]. The operation procedure of
prestressing on site is:

• Provide recesses in concrete, place anchor plates on
epoxy mortar, install tilt-up bolts

• Install temporary fix and moving anchors
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Figure 1. Live anchor, stressing jack.

Figure 2. Testing of anchorage.

• Prestress and install permanent anchors
• Remove temporary spacer after curing of epoxy

adhesive

3.2 Anchorage tests

Tests for temporary and permanent anchors were per-
formed at the Institute of Structural Concrete and
Building Materials at the University of Leipzig with
a “push-apart” test set up consisting of two con-
crete blocks in line with an intermediate jack. The
concrete blocks are symmetrically connected at two
opposite faces with CFRP plates. In this way it was
possible to test 4 anchorages simultaneously. CFRP
plates were stressed by pushing apart the concrete
blocks with the intermediate jack and the permanent
anchor is installed by bonding and clamping after the
prestressing force has been applied.

Figure 3. Load transfer – principle.

Figure 4. Jack with temporary & permanent anchors.

Figure 5. The Koerschtal bridge.

Test results showed an excellent behavior of anchor-
ages because the failure always happened in CFRP
plates, i.e. the system meets the same qualification
standards as any other system using steel bars, strands
or wires.

3.3 Introduction of prestressing

The prestressing force is transmitted into concrete by
both, bond of the epoxy adhesive mortar underneath
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Figure 6. Prestressing in progress.

Figure 7. Temporary & permanent anchors.

the steel base plate, and the front face of the plate.
The tilt up moments are borne by bolts which are also
used to fix the base plate during curing of the epoxy
adhesive.

3.4 Hydraulic jack

A horseshoe jack with a stress capacity of 225 kN
was developed comprising two pistons connected by
a transverse steel bar which is easy to use and handle
when access is difficult.

After jacking, the temporary anchor is fixed by
means of a cross beam supported by two threaded
bars during the curing of the epoxy adhesive of the
permanent anchor so that the jack can be removed
immediately.

3.5 Case studies

Rehabilitation of Koerschtal Bridge Stuttgart,
Germany
A seven span prestressed concrete bridge built in 1964
was cast in three segments so that the longitudinal
cables were coupled in construction joints [3]. Cracks

Figure 8. Applied CarboDur CFRP plates.

Table 2. System information.

CarboDur CFRP plate S624
Dimensions 60 × 24 mm
Cross-section 144 sqmm
Tensile strength, min. 2800 Mpa
E-modulus, min. 165 GPa
Pre-tensioning strain 0.95%
Tensioning force 220 kN
Anchor dimensions 60/80 × 110 mm

have been observed in all these bridge sections. Struc-
tural analysis showed that with actual traffic loads and
temperature effects the fatigue resistance of the cable
coupler became critical. For the rehabilitation of the
Koerschtal bridge, 5 tendons with a length of 8 m were
applied to each main girder. Local cracks were closed
due to this prestressing force of appr. 900 kN per girder.

4 STRESSHEAD SYSTEM

The Sika-StressHead in an non-bonded or bonded pre-
stressing system for CFRP plates. The tendon consists
of a CFRP plate connected to two CFRP made end
anchors, called StressHead as shown in Fig. 9.

4.1 Anchorage system

The conception of fixed and movable anchorages is
guided by the idea of having a simple and flexible
system adaptable for each project. They are made of
structural steel [4,5]. The prestressing force is intro-
duced into a concrete structure by a circular steel
profile acting as a dowel with a diameter of 116 mm
and 200 mm length placed into a drilled hole.

4.2 Laboratory testing

The objective of all tests is to assure that the system
will perform its function when applied to the structure.
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Figure 9. StressHead with CarboDur plate.

Figure 10. Fixed anchorage.

Figure 11. Special designed movable anchorage for
redirection.

4.2.1 Short-term tests
Tendons are tested in a universal machine as follows:

Overall displacement, force, strain in the CFRP
plate and slip between anchor and CFRP plate are

Figure 12. Test layout for short-term test.

Figure 13. The Huettenbridge.

measured continuously. The ultimate tensile strength,
specified to be at least 75% of the tensile strength of
plate, was reached in all test specimens.

4.2.2 Cyclic load tests
The objective of these tests is to test whether the
anchor is able to withstand cyclic loading [6]. The load
parameters were:

• Working stress = stress at prestressing
• Stress amplitude: f = 200 N/sqmm
• Number of cycles: 200’000
• Frequency: appr. 1 Hz

Tests showed that there is no displacement-slip
between CarboDur plate and StressHead anchor.
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Figure 14. View under the bridge.

Figure 15. 30 m of prestressed CFRP plate.

4.2.3 Long-term tests
As for the cyclic load tests, it’s the anchor that is of
interest and not the plate itself. Creep of the CFRP can
be ignored compared to possible slippage between the
anchor and the CFRP plate. As the anchor is not of
glue-filled pot type but uses wedges made of CFRP,
creep does not cause serious problems. The first test
results show that immediately after stressing some
slippage between anchor and CFRP plate occurs. But
after a short time, increase in slippage can be ignored.

4.3 Case studies

Huetten – Bridge Wertehnstein near Luzern,
Switzerland
Narrow access road to an industrial area, crossing a
river.

The only way for trucks to get into the industrial for-
est region near Werthenstein leads over a small bridge,
built in the 1950’s.This bridge was designed for a max-
imum load of 16 tons. Due to the traffic load increase

Figure 16. Anchorage on the tension side.

Figure 17. Connection through cross the girders.

in Switzerland, the bridge had to be upgraded to 40
tons. Further options were either to replace the bridge
or restrict it to larger trucks. The bridge owner and
project engineer decided to upgrade the bridge with
pre-stressed CFRP material based on a cost – lifecycle
analysis.

The decisive factors were easy installation, no cor-
rosion problems with the tendon, its thin geometry and
the possibility of making a prestressing on an exist-
ing structure with the compound effect of the CFRP
plate bonded to the substrate compared to the other
alternatives. With the StressHead prestressing system,
all the requirements could be fulfilled. The possibil-
ity of connecting tendons through cross girders was
used successfully for the first time (see also drawing
Fig. 16). The bridge was prestressed with a total force
of 800 kN over the total length of 30 m.

In addition to the flexural upgrading, the existing
shear reinforcement, which consisted of 45◦ offset
reinforcement, was not sufficient for the increased
load. Shear reinforcement with up to 12 layers of heavy
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Figure 18. Anchorage on the fix side.

Figure 19. Cutting of the slits for shear reinforcements.

carbon fabric have been used, wrapped totally around
the girders for proper anchorage.

Number of prestressed tendons: 6
Length of prestressed tendon: 30 m, 15 m

Sung San Bridge, Seoul, Korea
Situated in City of Seoul this bridge is a reinforced
concrete continuous frame and a two-way bridge deck
with inclined haunch, which has 8 spans with 15,00 m
of length and a width of 17,00 m. On a distance of
approx. 1.50 m from the support axis #5 it was stated a

Figure 20. Impregnation of fabric (shear reinforcement).

Figure 21. Fabric wrapped around the girders.

Figure 22. Applied Sika-StressHead tendons.

large, through-crack in the bridge deck. With an appro-
priate disposition of prestressed CFRP plates on the
whole width and length of the span, the necessary flex-
ural strength of the critical section was re-established.
Due to the prestressing the cracks were compressed.
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In order to simplify and to accelerate the interven-
tion on job site, unbonded prestressed tendons were
applied.

Number of prestressed tendons: 11
Length of prestressed tendons : 11,80 m

5 CONCLUSIONS

Two systems with bonded and/or non-bonded CFRP
plates were presented including a short overview of
system testing in laboratories before proceeding with
strengthening application of reinforced concrete struc-
tures, especially bridges. These systems exploit the
full tensile strength of the very high strength of CFRP
plates and because of their efficient anchorage, they
open new opportunities of CFRP in competition with
steel tendons. To prove that, the case studies which
were presented are the best evidences.
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ABSTRACT: Strengthening with FRP composites has existed for over a decade, and the most common way to
strengthen structures is in bending where the design is more or less straightforward.Another common application
for FRP strengthening is to strengthen slabs or walls before holes are made. In these situations, FRP fabrics are
very suitable. After coating the wall or slab, the hole is made where after the strengthening material takes up
the additional loads. However, there have not been many studies reported on slabs with holes strengthened with
CFRP and especially, not when a distributed load has been applied.

In this project, laboratory tests are carried out. Two-way full-scale concrete slabs have been tested with a made
hole that have been strengthen or repaired with CFRP fabrics and loaded with a uniform load. The strengthened
slabs are compared to an as-built homogeneous slab, slabs as built with a hole and slabs weakened by a made
hole. The study shows that it is fully possible and quite effective to strengthen or repair openings in slabs with
CFRP fabrics.

1 INTRODUCTION

Advanced composites have been applied in a number
of repair and strengthening projects (Täljsten 1997),
(Täljsten & Elfgren 2000), (Nordin et al 2002) and
(Carolin et al 2002). The area of composites in con-
struction, and in particular for strengthening, has been
one of the fastest growing new areas within civil engi-
neering during the last 10 years. Much focus and
effort has been placed on understanding the behavior
of Fiber Reinforced Polymers (FRP) strengthen con-
crete structures. The question then is why advanced
composites are suitable for civil engineering appli-
cations. FRP composite materials have a number of
advantages when compared to traditional construction
materials such as steel, wood and concrete. FRPs offer
excellent corrosion resistance to environmental agents
as well as the advantages of high stiffness-to-weight
and strength-to-weight ratios when compared to con-
ventional construction materials. Perhaps the biggest
advantage of FRPs is tailorability. Reinforcement can
be arranged according to the loading conditions so
that a FRP structure or a component can be opti-
mised for performance. Even though strengthening
with FRP composites has existed for over a decade,
still the most common way to strengthen structures is
in bending where the design is more or less straight-
forward, however structures are also strengthened due
to confinements and to some extent for shear.

One common application is to strengthen slabs and
walls before holes are made. In these situations, FRP
fabrics are very suitable and after coating the wall or

Figure 1. Strengthening before holing of a ventilation shaft
in an existing structure due to a changed area of use.
Stabilator AB.

slab, the hole is made, see Figure 1. However, there
has not been many studies reported on slabs with
holes strengthen with Carbon Fiber Reinforced Poly-
mers (CFRPs), (Vasques & Karbhari 2002), and espe-
cially, not when a distributed load has been applied,
(Mosallam & Mosalam 2002).

2 AIM AND SCOPE

The scope of this research project is to examine CFRP
strengthening of holes in walls or slabs. The main aim

471



of the presented work is to widen the knowledge about
CFRP composites as a material for strengthening or
repair of made holes particularly in two-way concrete
slabs, but the results can be translated in some extent
to one-way concrete slabs and concrete walls, too.

The analytical and the experimental work are
focused to analyze the safety and ability of CFRP com-
posites to take up the additional section forces caused
by the hole in the concrete slab. Especially, the aims
are to:

1 Clarify if the design method to calculate the
amount of CFRP laminates for strengthen a made
hole in an existing concrete slab, used today in
Sweden, gives a load-capacity equivalent to an
as-built homogeneous slab.

2 Indicate if deficient or deteriorated structures can
be restored to its original load-capacity by a repair
with CFRP composites.

3 Investigate the strengthened or repaired slabs duc-
tility in order to generate ample visual warnings
before ultimate collapse i.e. if the safety can be
secured by a ductile behaviour.

3 EXPERIMENTAL PROGRAM

The experimental program consisted of full-scale con-
crete slab specimens loaded to failure using a uniform
load. The objective was to compare the result from
experiments on corresponding slabs:

1 With no hole.
2 With as built holes strengthened with traditional

reinforcement according to Swedish design rules.
3 With sawed up holes strengthened with CFRP

designed to reach the same effect as traditional
reinforcement.

The experimental program was limited to quadratic
slabs with a side length of 2.6 m, a thickness of
100 mm and with two different sizes of holes, 0.85 ×
0.85 m and 1.2 × 1.2 m.

3.1 Test setup

To receive a uniform load distributed on the slab sur-
face a new unique test-rig was designed where the
loading was applied through an airbag system.

Three different airbags were manufactured, one for
the tests with no holes and the other two were used
in testing slabs with holes. The underlying air-bag
was embedded by an exterior and interior structure to
concentrate the load on the slab surface, see Figure 2.

The test slabs were simply supported along its four
edges. The loading surface of 2.4 × 2.4 m extended
from the edge of the hole out to the supported edges.
Four load cells measuring the reaction forces com-
ing from the line support in each corner measured the

Figure 2. Test setup with the line support structure applied
on top of the slab. The line support structure is connected to
the bottom exterior embedding structure with a load cell in
each corner.

uniform load. The support construction was designed
for a load greater than three times the original design
load for the homogeneous slab, to take up the pressure
from the airbag. Since the slab was loaded “upside-
down”, springs was mounted on each corner to elimi-
nate the weight of the heavy support construction from
the load reading. However, the loading method with
an airbag system is well tested at Luleå University of
Technology in Sweden, and has previously been used
quite extensively on tests of roof sheeting profiles.

Both deflections and strains were measured accord-
ing to a grid defined over the surface of the slab.
Deflections were measured with Strain Gauge based
Displacement Transducers (SGDTs). Strains were
measured with Strain Gauges (SGs), in the concrete
(50 mm glued SGs), in the reinforcement (10 mm
welded SGs), and on the CFRP strips (10 mm glued
SGs). Figure 3 shows the location of the measuring
points along observation lines for different types of
slabs. Figure 4 shows a typical setup of gauges for
slabs with an opening.

3.2 Test specimens

A total number of 10 slabs were manufactured
with designated 28 days strength of fcc = 40 MPa, in
four batches, one for each type of slab. Six cubes
150 × 150 × 150 mm were manufactured for each
batch to measure the actual concrete strengths at the
time of testing.

All slabs was reinforced with a base of welded fabric
Nps 50 φ 5 − s 150, with a concrete cover of 15 mm.
Additional reinforcement bars of the same type were
added in the slabs with casted holes. The bars were
tied to the welded mesh and placed near the hole over a
distance of 120 mm, starting 30 mm from the edge.The
corners were additionally strengthened with two bars
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Strain gauge displacement transducers
(SGDTs) in: 

vertical direction

y-direction
x-direction
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Welded strain gauges on reinforcing
steel in:

x-direction
y-direction

Glued strain gauges on concrete
surfaces in:

y-direction
v-direction in 45 degrees

Glued strain gauges on CFRP
laminates in:

x-direction
y-direction
v-direction in 45 degrees
w-direction in 45 degrees
x-,y- and v-direction
x-,y- and w-direction

2

Figure 3. Instrumentation in the slabs depending on the
size of any openings and used strengthening material. The
numbers designate the location- or observation lines.

Figure 4. Typical setup of gauges in slabs with an opening.

placed in 45-degrees angle as shown in Figure 5. The
concrete surfaces of all slabs that were strengthened
or repaired with CFRP were sand-blasted to give a
good bond.

The homogenous reference slab was designed for a
uniform load of 15 kN/m2 (in total 86.4 kN), according
to the Swedish norm, BBK 94 (1995). The designs of
the other nine test specimens are based on the same

Figure 5. Welded fabrics with tied additional reinforcement
bars and welded strain gauges for a large opening.

Table 1. Test program and description of specimens.

Designation Description

H Homogeneous slab as-built without a
hole: Reference slab as-built without
a hole, reinforced traditionally.

Swe Weakened slab by a small sawed up
hole: Reference slab weakened with a small
sawed up hole (0.85 × 0.85 m).

Sre CFRP repaired pre-cracked slab
with a small sawed up hole: Simulates
a CFRP repaired slab,cracked due to a
weakening consisting of a small
sawed up hole.

Sst CFRP strengthen slab with a small
sawed up hole: Simulates a slab
strengthened with CFRP laminates before a
small hole is made.

S Slab as built with a small hole:
Reference slab as built with a small hole.

Lwe Weakened slab by a large sawed
up hole: Reference slab weakened
by a large sawed up hole
(1.20 × 1.20 m).

Lre CFRP repaired pre-cracked slab
with a large sawed up hole:
Simulates a CFRP repaired slab,
cracked due to a weakening consisting of a
large sawed up hole.

Lst CFRP strengthen slab with a
large sawed up hole: Simulates a
slab strengthened with CFRP laminates
before a large hole is made.

L Slab as built with a large hole:
Reference slab as built with a large hole.

design load as for the homogeneous slab. The test
program is given in Table 1.

The concrete splitting- and compression strength,
shown in Table 2, is the average value of six tests.
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Table 2. Average concrete strengths from splitting- and
compression strength tests of six cubes, and shear strength
from at least one torque test of respective CFRP strength-
ened slab.

Splitting Tensile Compression Shear
Cast strength, strength, strength, strength,

Slab batch [kN] [MPa] [MPa] [Mpa]

H 3 111 2.50 46 –
Swe 1 150 3.36 54 –
Sre 1 150 3.36 54 2.69∗
Sst 1 150 3.36 54 3.52∗
S 4 120 2.69 44 –
Lwe 2 131 2.95 50 –
Lre 2 131 2.95 50 2.97∗
Lst 2 131 2.95 50 3.81∗
L 4 120 2.69 44 –

∗ Torque test carried out on a cracked surface i.e. on a tested
slab from the experimental program.

Table 3. Nominal material properties of primer and
adhesive.

Tensile-/
Adhesitivity Youngs shear Failure
to concrete, modulus, strength, strain,

Product [MPa] [GPa] [MPa] [%]

Primer 17 – – 3.0
Adhesive – 2 50/17.6 3.0

Table 4. Nominal material properties of CFRP laminate.

Lamina Youngs Tensile Failure
thickness, modulus, strength, strain,

Product [MPa] [GPa] [MPa] [%]

300S∗ 0.17 234 3600 1.5
200S∗ 0.11 234 3600 1.5

∗ Number denotes the unit weight [g/m2] and S qualifies high
strength.

The tensile strength value is evaluated from the split-
ting strength. Torque tests were conducted on the
CFRP repaired or strengthened specimens to evalu-
ate the shear strength of the concrete surface near the
bonded area.

The slabs were strengthened using BPE® Compos-
ite high strength laminates with two different weights
200 g/m2 and 300 g/m2, respectively. The nominal
material properties of the CFRP laminates are shown
in Table 3. To get the amount of the CFRP fab-
rics to correspond to the additional reinforcement
bars in the slabs casted with a hole the widths of
the CFRP laminates were calculated by translating

Table 5. Location, width and length of applied CFRP
laminates in respective slab.

Edge Location in
length, Laminate relation to Width Length

Slab [m] type hole edges [mm] [m]

Lre, Lst 1.2 300S Along 282 1.80
Lre, Lst 1.2 200S Corners 45◦ 220 0.60
Sre, Sst 0.85 300S Along 212 1.45
Sre, Sst 0.85 200S Corners 45◦ 220 0.80

Figure 6. Configuration of CFRP laminates applied around
a sawed up opening. Marks of the location lines can be seen
on the interior embedding structures.

the section area of the steel bars according to Equa-
tion 6, into a corresponding area of the CFRPs. Table 4
shows the material properties of the used primer and
adhesive.

The length and the width of the applied strips are
shown in Table 5, note the differences between the
lengths of the strips applied at corners in 45-degrees
angle. Figure 6 shows the typical configuration of the
CFRP composites applied around the openings.

3.3 Test procedure

Great care was taken to arrange the airbag to give a
well-distributed uniform load and allow it to expand
upwards simultaneously as the slab’s deflection was
increased. A thin protective layer was placed between
the airbag and the concrete surface to protect the airbag
at failures. In addition, the contact surface at the sup-
port was checked and aligned to get evenly distribution
of the reaction forces along the supports. The airbag
was filled with a compressor at an approximate loading
rate of totally 40 N/sec, which corresponds approxi-
mately to 417 Pa/min for the homogeneous reference
slab. The load, displacement and strain were measured
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Figure 7. Relationships in a cross section near an opening strengthened with either steel reinforcement or CFRP composite
laminates.

and collected with a computerized acquisition sys-
tem, continuously until failure. The crack propagation
and distribution was carefully observed and registered
throughout the test.

4 THEORY

4.1 Simple calculation method of required
amount of CFRP laminates

A conventional way to calculate the required section
area of CFRP laminates for strengthening e.g. a made
hole in a concrete slab, is to convert the sectional area
of required additional steel reinforcement in a slab
designed as-built with a holes, into to a correspond-
ing section area of CFRP laminates. However, usually
concern is only taken to differences of the Youngs
modulus. To improve the calculation, an expression
is derived that takes differences between the effec-
tive heights of the steel strengthened cross-section
and the CFRP strengthened cross-section according
to Figure 7, into account.

When the strengthening effect shall be equal
between the two cross-sections, the moment capacity
must also be equal, i.e.

where Mf is the moment capacity for the FRP rein-
forcement and Ms is the moment capacity for the steel
reinforcement.

To calculate the necessary section area of CFRP Af ,
Equation 1 is expressed as the section force F times
the inner lever arm z, see Figure 7

where the subscript s2 stands for the part of steel rein-
forcement bars that shall be replaced with the CFRP
reinforcement, subscript f .

Expressing Equation 2 in stress form using the areas
A of the steel reinforcement and fiber yields

which by using Hookes law gives the section area as

The strain in the CFRP, εf can be expressed according
to relations in Figure 7, as
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which together with the inner level arm for a nor-
mal reinforced cross-section zs and a CFRP reinforced
cross-section zf , gives the simplified expression

which gives the necessary CRFP reinforcement area.

4.2 Yield line theory

The yield line theory is an upper bound method that
overestimates the failure capacity if wrong yield lines
are selected, see further e.g. (Hillerborg 1996) or
(Jones & Woods 1967). The method can be used to
quickly estimate the failure capacity of reinforced con-
crete slabs. The theory is based on that the failure is
concentrated to distinct crack patterns, so called yield
lines. This implies that the slab behaves in a perfectly
plastic manner and that the segments between the yield
lines are flat and rigid. Normally, several yield line
patterns must be controlled and the pattern giving the
lowest failure load gives the design value.

5 RESULT

5.1 Observations

Some test was aborted prematurely due to failure in
the airbag (Swe) or because the design limit of the
test-rig was reached (S and L). Most tests showed a
ductile failure except when the bond failed or when
laminate failure occurred. Inspections of slab (Lre)
and (Lst) showed that the laminates had bonded poorly
to the concrete surface probably due to poor prepara-
tions. However, prior to collapse large deformations
and cracking had occurred.

5.2 Deflections

Figure 8 shows the behavior of the homogenous slab
(H) and the slabs with small holes (Sst, Sre and Swe)
in accordance to there intended use, see Table 1.

The two as-built slabs with a hole are considerable
stiffer than the homogeneous slab, especially before
the theoretically calculated failure load for the homo-
geneous slab (H) is reached. Note that the load is given
in unit kN/m2, which means that the total load in unit
kN is greater for the slab with no hole due to the dif-
ference in area. This is especially noticeable for the
weakened slab in Figure 9 where the displacement is
shown as a function of the total load. The ultimate
load for slab (S) could not be recorded since the test

Figure 8. Comparison between (distributed) load-
deflection relationships at the edge of the opening in location
line 1 for a slab without a hole and slabs with a made hole.

Figure 9. Comparison between (total) load-deflection rela-
tionships at the edge of the opening in location line 1 for a
slab without a hole and slabs with a made hole.

Figure 10. Crack formation at ultimate load along line 2 of
the weakened slab with a large hole, Lwe.
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Figure 11. Comparison of strain distributed over the depth
of the cross section from slab Sre, Lre and Sst at linear
behaviour (i.e. at load 10 kN/m2).

was stopped when the load limit for the test-rig was
reached.

The slab weakened by a sawed up hole and without
additional reinforcement (Swe), follows the homoge-
neous curve (H) and reaches the ultimate limit sooner,
as expected. The repaired slab, (Sre) and strengthened
(Sst), shows the same trail as the slabs as-built with a
hole (S).

The behavior of the slabs with large holes was
similar to the slabs with small holes.

Diagonal cracks first forms in the corners regardless
of the geometry of the slab.These cracks propagate and
gets wider as the load increases, see Figure 10.

5.3 Strain distribution

Figure 11 & 12 show the strain distribution over the
cross section at two different load levels. Figure 11
shows the distribution when the slab is still in the linear
elastic range, whereas Figure 12 shows the distribution
when the slab has started to crack.

The behavior is according to the theory shown in
Figure 7. The strain distribution is linear in the Sst test
as expected. In the repaired test slabs (Sre, Lre) some
inelastic strains have already developed in the concrete
and the steel reinforcement due to the pre-cracking
procedure. Upon reloading the strain in the rebar is
localized to the cracked zones, whereas the strain in
the CFRP laminates is distributed over a larger area.

5.4 Failure loads

Two types of load levels has been defined:

– Design load, defining the level where the plate
stiffness radically decreases. This point usually
coincides with the formation of yield lines in the
slab.

Figure 12. Comparison of strain distributed over the depth
of the cross section from slab Sre, Lre and Sst at the begin-
ning of nonlinear behaviour (i.e. at load 30 kN/m2). Note a
noticeable difference between concrete cover.

Table 6. Summary of theoretical- and experimental loads
with the corresponding deflection.

Deflection [mm] Load [kN/m2]

At design At final Design Final Yield line
Slab load load load load theory

H 13.3 57.5 19.1 39.0 20.8
Swe 15.0 35.2 18.3 24.4 18.9
Sre 19.7 67.2 25.9 56.9 –
Sst 19.2 47.8 26.8 44.5 –
S 17.0 66.5 23.5 59.3 –
Lwe 14.8 53.0 20.7 32.9 20.8
Lre 17.5 47.8 31.0 44.2 –
Lst 14.4 52.9 24.5 54.6 –
L 14.7 61.0 23.3 66.9 –

– Final load, defining the ultimate load capacity or
for some tested slabs the load at which the test was
aborted.

Table 6 shows the measured deflections at the above
defined load levels, together with a comparison with
the calculated load according to yield line theory.
The CFRP reinforcement slab shows a stiffer behavior
compared to the reference slabs (H, L and S). All slabs
with CFRP laminates have a higher design and final
load compared to the homogeneous one.

This is more clearly seen in Table 7 where the load
ratios between the tested slabs with a small hole and
the reference slabs (H and S), have been compared.

The test results for the repair applications, repaired
pre-cracked slabs, indicates that the CFRP system
restores and even increases the final load-capacity
when compared to both the weakened slabs and the
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Table 7. Experimental load ratios of considered slab with
a small opening in relation to reference slab H and S,
respectively.

Ratios of design load Ratios of final loads

Slab Slab Slab Slab

Slab Slab H Slab S Slab H Slab S

H Ref. 0.81 Ref. 0.66
Swe 0.96 0.78 0.63 0.41
Sre 1.36 1.10 1.46∗ 0.96∗
Sst 1.40 1.14 1.14∗ 0.75∗
S 1.23 Ref. 1.52 Ref.

∗ No failure, test interrupted when the design load for the test
fixture was reached.

homogeneous slab. For repaired slab with a small hole,
the final load-capacity was increased with approxi-
mately 133% (Sre-Swe/Swe), and 34% for the repaired
slab with a large hole (Lre-Lwe/Lwe). In relation to the
homogeneous as-built slab (H), the final load-capacity
was increased with 46% for the small hole (Sre-H/H),
and with 13% for the large hole (Lre-H/H).

For strengthening applications of slabs in which
a hole were made, the use of CFRP system resulted
in almost equal final load as the slab as-built with a
small hole (Sst/S). However, the ultimate failure load
could not be recorded since both tests were aborted
prematurely. The result for the large hole (Lst/L)
was significantly lower due to bond failure caused
by poor workmanship during coating. In relation to
the homogeneous as-built slab (H), the final load-
capacity increased with 14% and 40% for the slab
with a small hole (Sst-H/H) and a large hole (Lst-H/H),
respectively.

6 DISCUSSION

The general result of the experimental investiga-
tion is that the repaired slabs, (Sre or Lre) and the
strengthened slabs, (Sst or Lst), showed a similar load-
deflection in comparison to the corresponding as-built
slab with traditional reinforcement. This is the inten-
tion of the design method, to convert the amount of
additional tied steel reinforcement in the as-built slab
into corresponding amount of CFRP laminates in the
repaired- or the strengthened slab. In addition, the
CFRP strengthened slabs showed an appreciably stiffer
response in comparison with the homogeneous slab
(H) and the weakened slabs (Swe, Lwe) especially
beyond the design load point.

The design method used works as intended. How-
ever, a more advanced design methods may lead to a
more efficient use of the CFRP laminates, especially

if the goal is to give a repaired slab equal strength as
a homogeneous slab.

The result of CFRP strengthening and repair is
dependent on good workmanship when applying the
laminates to the concrete surface. Bond failure leads
to a sudden failure with lower strength as one con-
sequence. Therefore, applying CFRP needs good
workmanship, elaborated work plans and follow-up
schemas to assure a good quality of the strengthening
work. In addition, the simplified design method should
be supplemented with a design of the bond between the
laminates and the concrete surface. The design should
be made to avoid bond failure.

7 CONCLUSIONS

The work presented in this paper shows that CFRP
composites can be used to maintain or even increase
the original load-capacity of the tested two-way con-
crete slab specimens. Especially, the experiments
showed that:

– The simple design method used to calculate the
amount of CFRP laminates for strengthening of
a made hole in an existing concrete slab, gives a
load-capacity higher than the as-built homogeneous
slab.

– Deficient or deteriorated structures can be restored
to its original load-capacity by a repair with CFRP
composites.

– The ductility of strengthened or repaired slabs is
good enough if bond failure can be avoided. Spe-
cial attention should be made on the bond design
and the work plan to assure a good quality of the
strengthening work.

Finally, more advanced design methods should lead
to a more efficient use of the CFRP laminates in
strengthening design, especially if the goal is to give a
repaired slab equal strength as a homogeneous slab.
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Effect of CFRP sheets on the concrete–steel fatigue bond strength
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ABSTRACT: This paper presents the results of a study of the effect of transverse carbon fiber reinforced
polymer (CFRP) sheets on the fatigue bond strength of steel reinforcing bars in concrete beams. Reinforced
concrete bond-beams 150 × 250 × 2000 mm were tested. The variables were the area of the CFRP sheets (none
or 1 U-wrap sheet), the reinforcing bar diameter (20 or 25 mm) and the load range applied. The results showed
that increasing the bar diameter increased the fatigue bond strength for the unwrapped beams. The CFRP sheets
increased the bond strength of the bond-beams with 20 mm bars. However, for the beams with 25 mm steel bars
the failure mode changed from a bond splitting failure for the unwrapped beams to a diagonal shear failure for
the CFRP wrapped beams, and there was little increase in strength.

1 INTRODUCTION

Civil engineering structures such as bridges and
marine structures are subjected to repeated loading that
can cause a fatigue failure even when the applied loads
are less than the static capacity of the structure (ACI
215, 1974). Little research has been conducted to study
the bond behavior of reinforcing steel bars in concrete
beams under repeated loading (ACI 408, 1999).

The effect of confinement by fiber reinforced poly-
mers (FRP) on the bond strength under static loading
was recently studied (Hamad et al, 2004). It was found
that the use of FRP sheets increased the bond strength
by up to 33%. However, no research was found in a
search of the literature that assessed the effect of FRP
sheets on bond strength under repeated loading.

This paper presents the results of a research program
designed to study the effect of repeated loading and the
confinement provided by carbon FRP (CFRP) sheets
on the behavior of the bond between the concrete and
steel reinforcement in reinforced concrete beams.

2 EXPERIMENTAL PROGRAM

Several kinds of test specimens have been reported
in the literature for testing the behavior of the bond
between concrete and steel reinforcement. In this
study bond-beam specimens were used in order to
obtain realistic bond behavior. The specimen was
250 × 150 × 2000 mm (Fig. 1). Each beam was rein-
forced by 2 steel bars either 20 or 25 mm in diameter.
Smooth stirrups, 8 mm in diameter, were provided
along the entire length of the beam at a spacing
of 125 mm. Compression reinforcement consisting of

P/2 P/2
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B

152

1- Dimensions are in mm
2- For 20 mm beams: A = 45 mm,
     B = 62 mm and Ld =250 mm
3- For 25 mm beams: A= 48 mm,
    B= 56 mm and Ld = 325 mm 

Notes:

1800

600ld

50

75

Figure 1. Longitudinal and cross-sectional details of a
bond-beam specimen.

two 8 mm smooth bars was provided in all the beams.
All steel reinforcement was Grade 400 with a specified
yield strength of 414 MPa.

In order to get the required anchorage length at
the ends of the beam, low-density polyethylene tube
covered the reinforcing bars to create the un-bonded
zones. Two anchorage lengths were used, 250 mm for
the beams reinforced with 20 mm diameter bars and
325 mm for beams reinforced with 25 mm diameter
bars. These lengths were selected to insure that a bond
splitting failure would occur and that the ratio of the
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Table 1. Test matrix.

Load Bar
Beam Testing CFRP range diameter

Set notation method wrapped (%) (mm)

M-20 No – 20
M-R-20 Static Yes –
M-25 No – 25
M-R-25 Yes –

1 F75-20 75
F65-20 65
F60-20 60
F55-20 Fatigue No 55 20
F53-20 53
F50-20 50
F40-20 40

2 F75-R-20 75
F65-R-20 Fatigue Yes 65 20
F55-R-20 55

3 F70-25 70
F65-25 65
F60-25 Fatigue No 60 25
F55-25 55
F53-25 53
F50-25 50

4 F70-R-25 70
F60-R-25 Fatigue Yes 60 25
F53-R-25 53

anchorage length to bar diameter (ld/db) was the same
in the two types of specimens. Two empty pockets at
the end of the un-bonded length were provided to allow
for easy access to instrument tension steel. Blocks of
high-density foam were installed around the tension
reinforcement to create these pockets.

The specimens were divided into four sets. Sets 1
and 3 consisted of the unwrapped beams, while sets
2 and 4 consisted of CFRP wrapped specimens. Four
beams (one from each set) were tested under static
loading to determine the static strength of the beams.
For the wrapped beams one layer of a U-shaped CFRP
flexible sheet was placed transversely in the bonded
region so that the fiber orientation was perpendicular
to the steel reinforcement. The properties of the sheets
as provided by the manufacturer are as follows: thick-
ness 0.381 mm, elongation at break 1% and tensile
strength 715 MPa.

A total of 19 tests were performed under repeated
loading. Table 1 shows the test matrix and the test
results. The load ranges applied are expressed as per-
centages of the static load capacity of the beam. The
minimum load during a load cycle was kept constant
at 10% of the static load capacity of the beam and
the maximum loads were chosen to give bond failures
at fatigue lives between 103 and 106 cycles. Beams
that did not fail after 106 cycles were tested again at a
higher load range.

Four LVDTs placed within the pockets measured the
slip of the reinforcing bars at the loaded end relative
to the concrete, while another four LVDTs placed on
the bars outside the beam measured the free end slip.
All the readings were saved on a computer through a
SCXI data acquisition system.

The specimens were tested in four point bending
under load control. Load was applied manually until
the desired maximum load was reached. It was then
decreased to the mean load. Thereafter a sine wave
load cycle was applied about the mean load with a
frequency of 1.5 Hz.

3 TEST RESULTS

3.1 General behavior

While loading for the first time, three flexural cracks
in the constant moment region opened at about 20 kN
for all beams. In the first few hundred cycles these
cracks propagated until they reached a length equal to
about 75% of the beam depth. Further cycling did not
cause a further increase in the length or the width of
these cracks.

For sets 1 and 3 (unwrapped beams) longitudinal
cracks initiated from the pocket along the reinforcing
bars during the first few hundred cycles. For beams
that did not fail, these cracks then stopped growing.
However, for beams that failed in fatigue longitudi-
nal cracks continued to grow in width and length until
failure. The rate of growth of the longitudinal cracks
increased with increasing applied load range. Never-
theless, a single pattern of crack growth was observed
for all unwrapped beams. For the first 20% of the
beam’s life longitudinal cracks propagated at a contin-
ually decreasing rate until they stopped. Then for the
next 50% of the beam’s life the cracks neither propa-
gated nor widened. At about 80% of the beam’s life the
longitudinal cracks started propagating again at a con-
tinually increasing rate until failure (Fig. 2).The failure
of all unwrapped beams occurred by bond splitting of
the concrete cover in the bonded region (Fig. 2).

Because of the presence of the CFRP sheets it was
not possible to see the crack patterns and crack propa-
gation during cycling for sets 2 and 4. However, after
the failure of the specimens the CFRP sheets were
removed and inspection of the cracks under the CFRP
sheets showed that for set 2 the cracks were longi-
tudinal but finer than those in the unwrapped beams
indicating that failure was also accompanied by a bond
splitting (Fig. 3). Beams in set 2 (wrapped beams) had
longer lives at each load range applied compared to
their companion beams of set 1 (unwrapped beams).
For set 4, a diagonal shear crack propagated from the
support to the middle of the bonded region and there
were no longitudinal cracks (Fig. 4) indicating that
beams of set 4 failed in shear rather than bond. The
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Support Pocket

(a)

(b)

Figure 2. Typical longitudinal cracks for specimens in sets
1 and 3; (a) side cracks, (b) bottom cracks.

Tension steel bar

CFRP sheets

Figure 3. Longitudinal cracks under CFRP sheets in set 2
(beam upside down).

addition of CFRP sheets in set 4 resulted in a change in
the mode of failure but little increase in the beam’s life.

3.2 Fatigue life behavior

As the load range decreases, the fatigue life of the
specimens increases linearly on a log-log scale (Fig. 5).
In sets 1, 3 and 4 the fatigue limit, taken as the fatigue
strength at one million cycles, was about 50% of the

Figure 4. Shear crack in beams of set 4.
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Figure 5. Variation of load range with number of cycles for
sets 1 and 2.

static load capacity. The results for all the tests are
presented in Table 2.

When CFRP was added for the beams with 20 mm
reinforcing bars (set 2), the fatigue bond strength
increased above that of the unwrapped beams (set 1)
by 41% at 1000 cycles and by 22% at 100,000 cycles.
For the 20 mm reinforcing bar, the confinement pro-
vided by CFRP sheets had a more pronounced effect
at high load ranges (short life) than at low load ranges
(long life) but the mode of failure did not change.

On the other hand, for the wrapped beams with
25 mm reinforcing bars (set 4) the failure mode
changed from a bond to a shear failure and there was
very little increase in fatigue strength (Fig. 6). This
indicates that for the larger bar diameter, the con-
finement provided by the CFRP sheets increased the
fatigue bond strength to a value higher than the fatigue
shear strength, so that the beams failed in shear rather
than in bond.

For the unwrapped beams increasing the bar diam-
eter by from 20 to 25 mm increased the fatigue bond
strength by only 14%. The increase is attributed to the
larger diameter which provided more surface area for
the bond stresses to transfer, which in turn decreased
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Table 2. Test results.

Load Number
Beam capacity of cycle

Set notation (kN) (N)

M-20 100 –
M-R-20 138 –
M-25 120 –
M-R-25 166 –

1 F75-20 – 130
F65-20 – 3,080
F60-20 – 1,750
F55-20 – 35,000
F53-20 – 53,969
F50-20 – 1,000,000
F40-20 – 1,000,000

2 F75-R-20 – 11,348
F65-R-20 – 102,224
F55-R-20 – 418,662

3 F70-25 – 820
F65-25 – 27,688
F60-25 – 41,102
F55-25 – 606,847
F53-25 – 278,173
F50-25 – 1,000,000

4 F70-R-25 – 5,707
F60-R-25 – 100,000
F53-R-25 – 1,000,000
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Figure 6. Variation of load range with number of cycles for
sets 3 and 4.

the bond stress of beams in set 3 compared to those
of set 1. It may also be noted that the increase was the
same at all fatigue lives.

3.3 Load-slip variation

For the beams which did not fail and for those which
failed in shear (set 4), no bond slip was recorded.
Hence, the following discussion is limited to the beams
in sets 1, 2 and 3 that failed in fatigue. For these beams,
the slip increased with increasing cycles as shown in

0

1

2

3

4

1.E+00 1.E+01 1.E+02 1.E+03 1.E+04 1.E+05

Cycle (N)

Sl
ip

 (m
m

)

Set 1 

Set 2 

Set 3 

Figure 7. Typical variations of the bar slip with number of
cycles.

Figure 7. However, the rate of the slip varied through-
out the life. At the beginning of the test the rate of slip
increase decreased and then for a period remained con-
stant until near failure when it increased exponentially
(Fig. 7). The exponential increase for the unwrapped
beams occurred at a slip of about 0.5 mm for beams of
set 1 and at a slip of about 1.25 mm for beams of set 3
(Fig. 7). When CFRP was added (set 2), the trend of the
slip versus cycle was the same as for the unwrapped
beams (Fig. 7); but, the slip in set 2 increased more
gradually than in set 1.This is because the CFRP sheets
were able to arrest the cracks and confine the steel bar,
thus extending the failure process.

4 CONCLUSIONS

The effect of CFRP on fatigue bond strength in rein-
forced concrete beams was studied. Based on the
results presented in this paper the following conclu-
sions can be drawn:

1. For load ranges above the fatigue limit the bond
between concrete and steel fails by a brittle splitting
mode under repeated loading.

2. A fatigue limit of about 50% of the static load capac-
ity of the beams was found for the two bar diameters
used.

3. Increasing the bar diameter from 20 mm to 25 mm
increased the fatigue bond strength for unwrapped
beams by 14%. The increase was the same at all
fatigue lives.

4. Adding CFRP increased the fatigue bond strength.
For beams with 20 mm reinforcing steel bars the
increase in strength decreased with decreasing load
range and increasing fatigue life. For beams with
25 mm bars, CFRP sheets increased the fatigue
bond strength to a level above the fatigue shear
strength, and the beams failed in shear.
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5. For beams that failed by fatigue of the bond, the
slip of the reinforcing steel bar increased with
increasing cycles.

6. For the unwrapped beams, the slip increased expo-
nentially after reaching of 0.5 mm and 1.25 mm
for beams reinforced with 20 mm and 25 mm rein-
forcing bars respectively. For the CFRP wrapped
specimens, the slip increased gradually until failure.
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Study of sewers strengthened by composite plates: numerical optimisation
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ABSTRACT: Man-entry sewers in France are formed by several tens of thousands of structures, 10% of which
require structural repair. Many repair techniques are now available, but are costly because applicable throughout
the sewer interior. The construction and public works industry is now expert in selective strengthening methods
using composite materials. The purpose of our study was to apply this technique to sewerage structures through
an extensive programme of numerical experiments.

1 INTRODUCTION

Sewer management is increasingly problematic for
local authorities. Their role is to maintain the networks
of (man-entry and other) networks. Because of sewer
networks’ size and essential role in public health, they
are considered a major asset. For this reason they must
be maintained, through the repairs and replacements
required to keep them in good working order.

Sewer networks are “drains” formed by pipes of
different sizes. They convey rainwater and wastewater
to treatment plants.

They age in different ways, according to the type
of water they carry (domestic, rain or industrial) and
the type of soil in which they are laid. They undergo
numerous changes. [1]

Sewer renovation is generally more beneficial than
reconstruction; hence network owners’ growing inter-
est in renovation techniques. These techniques must
restore the capability of damaged networks to collect
and convey wastewater, and must guarantee perfor-
mance comparable to that of a new structure.

1.1 Renovation techniques

These techniques [2] fall into two main categories:

Structuring techniques
– Tubing with injection;
– Mortar or concrete, with or without fibre

reinforcement;
– Prefabricated sections.

These techniques are used when the network struc-
ture requires repair by restoring mechanical strength
sufficient to withstand its loadings: soil pressure, the
weight of the sewer and the water it conveys, etc.

Non-structuring techniques
– Selective injection of sealant;
– Tubing without injection or filling of the annular

void;
– Sealing liner;
– Anti-corrosion coating;
– Non-reinforced mortars (in some cases).

These techniques are used to improve or restore
good water-flow conditions, or to restore leak tightness
or protection against abrasion and corrosion.

These repair and strengthening techniques are both
costly and applicable throughout the sewer interior.
This has prompted the development of innovative
methods, including the addition by gluing of com-
posite strengthening plates. These provide a quick,
economic and durable solution to the growing need
to renovate damaged and ageing sewers.

1.2 Presentation of the study

Our study focused mainly on man-entry, ovoid,
reinforced-concrete sewers. Figure 1 shows a standard
T180 ovoid section.

Pultruded composite plates are used to strengthen
the structure.
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Figure 1. Constituents of a T180 ovoid section.

In order to transpose this construction-industry pro-
cess to a water-saturated environment, a series of tests
[3] was required to assess the feasibility of gluing
composite plates to a moist, trickle-free substrate.

A digital simulation using the URUS finite-element
computation code [4] was conducted on an un-
strengthened ovoid reference to ascertain the structural
functioning of a loaded ovoid section and to determine
its collapse mechanism.

Once the latter was obtained, the area in need of
strengthening was determined and then optimised.

A series of experiments on life-size structures was
conducted to validate the results obtained by numerical
computation.

2 NON LINEAR FINITE ELEMENT ANALYSIS

Several analytical methods [5], [6] have been devel-
oped to predict the bending behaviour of elements
reinforced with glued-on composites. In view of the
limits imposed by these numerical methods, and par-
ticularly on account of the complex distribution of
stresses in the film of glue, it seemed necessary to
use a more precise method.

2.1 Fracture mechanics: general considerations –
Theory of cracking

The theory of cracking [7] presents macroscopic geo-
metric discontinuities at the structural level, linear
discontinuities in environments considered to be two-
dimensional (plates, shells) and surface discontinuities
in three-dimensional environments. It is used to pre-
dict the development of cracks until complete failure
of the structure occurs.

The notion of fracture mechanics [8] is based on the
fact that there is an increase in stresses at the crack tip.

This study falls within the field of non-linear
fracture mechanics. Plasticity is involved from two
aspects:

– In a plastic zone ahead of the fracture front,
– In the mechanism whereby the crack progresses by

superimposition of the ductile fracture mechanism.

Elastic-type calculations indeed do not take into
account the redistribution of stresses caused by
localised damage.

The overall approach via thermodynamics, which
generalises the energy release rate, is more effective.

2.2 Description of the software used

Numerous studies of numerical methods [9], [10] have
already been carried out in recent years in the field of
concrete. With the software currently available, it is
possible to represent the state of the structures under
loading.

It is proposed that the question should be studied
again in the framework of fracture mechanics as the
classical approaches in the form of stress intensity
factors k [11] and contour integrals J [12] have not
been fruitful. New software has recently been devel-
oped using energy release rate methods [13], whereby
it is possible to perform the calculations for concrete.
The finite-element software URUS Version 9 [4] will
be used in the context of this study.

The finite elements used are triangular or quad-
rangular plate elements. Only the membrane effects
will be taken into account (in plane stress conditions).
During the simulations, solution in non-linear elastic
conditions will be used.

The non-linear problem arises because of the con-
stitutive law of the concrete. They are also limited
in relation to strain. The URUS software possesses a
library of predefined laws. By way of example, there
is the “poly-line” constitutive law that corresponds to
portions of linear segments linked to one another, or
the “exponential” type law. The limits are prescribed
in terms of strain.

The feature of the “exponential” type law is that it
can be derived at any point. When this law is used,
the exponential-type expression for this software is
therefore as follows:

The strain limit is taken into account during compres-
sion and the energy release rate during traction.

The condition of brittle elastic media fracture due to
instability, as formulated by Griffith [14] is expressed
by the relation linking the energy release rate G to the
area under the curve γ .
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Figure 2. Energy release rate.

Figure 3. Cohesive crack model.

The software uses this condition, which is represented
graphically in figure 2.

When G = 2γ , fracture is said to be “controlled”, as
the kinetic energy no longer increases. From a phe-
nomenological standpoint, the energy release rate G
defines the stable or unstable character of the crack.
G is also the thermodynamic variable associated with
the crack area, which justifies a phenomenological
relation between G and the crack area.

The stress–strain law on the tension side is defined
in the software only by the ascending branch. Phys-
ically, the descending (softening) branch is rather
similar. Moreover, for common concrete, the tensile
behaviour is not stable. Due to this uncertainty, it is
possible to assume that the stress–strain is an isosceles
triangle.

In the software, the crack opening is supposed to
appear after the pic and not from the beginning of
the tensile behaviour. The opening is calculated on the
base of the principal tensile strain obtained in the
cell (which may contain a steel bar) after the pic.
Alternatively, this may be expressed by a form of frac-
ture energy of that cell. This fracture is the energy
dissipated when the tensile strain is exhausted.

where w is the crack opening.

Figure 4. Incremented Newton-Raphson method.

When processing structures, the software uses
a variant algorithm of the incremented modified
Newton-Raphson method. A “numerical tangent”
matrix is built and each load increment. The tangent
is not updated in the same increment (equilibrated and
iterations only). Figure 4 shows the method used.

Numerically speaking, the theorem of virtual work
applies to all bodies (domain � of boundary S) can be
written generally by the non-linear equation:

Where B is the strain matrix: B = LN, were N is the
interpolate functions and N is the differential opera-
tion, δε = B ·δun with the vector un (non constant) rep-
resenting nodal displacements in the domain � [15];

∑
is the sum of all the forces. Non-linearity comes from
the stress–strain constitutive operations (Mechani-
cally non linear and geometrically linear), which is
only known by increment (broken line behaviour or
equation (1)).

In the context of the incremental method, equa-
tion (4) is therefore re-written incrementally in a
symbolic manner:

	σ representing the term of equation (1) and the other
terms of the formula being taken from the previous
step or previous iteration.

This is the equation that is solved in each incre-
ment, iteratively and numerically, with the integration
on each element being performed numerically.

3 MODELLING ASSUMPTIONS

3.1 Model used

The chosen model was uniformly meshed with non-
linear physically triangular plates. The mesh pitch
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Figure 5. Face model mesh.

Figure 6. 3D model mesh.

was refined during the simulations. The chosen pitch
was 0.1 m. The materials of the strengthened ovoid
sections were assembled by bonding the elements
with nodes whose degrees of freedom remained unre-
stricted. Boundary conditions were defined by locking
the invert on the extrados side to form a 60◦ angle. To
represent the structure symmetry, nil horizontal dis-
placement was applied to the nodes on the axis of
symmetry.

Figure 5 and 6 shows the chosen model.
The computation was then run until the iterative

process no longer converged.

Table 1. Characteristics of the concrete.

Characteristics Concrete substrate

Poisson’s ratio 0.2
Young’s modulus 15,400 MPa
Compressive strength 30 MPa
Tensile strength 2.4 MPa

Figure 7. Constitutive law of concrete.

3.2 Laws of behaviour

3.2.1 Concrete
The characteristics of the concrete of ovoid sections
were obtained from laboratory tests. Holes were drilled
in an un-strengthened ovoid section, and then single
compression tests and Young’s modulus measurement
tests were conducted. Table 1 gives the characteristics
of the concrete.

The general form [16] of uni-axial laws of
behaviour, used for the continuous media applicable
to concrete, is given in Figure 7.

3.2.2 Strengthening: carbon plates
Because the final characteristics of composite mate-
rials depend on those of the fibres, Meier [17] chose
various criteria for a comparative study. This study
found that carbon fibre is best suited to structural
strengthening.

Carbon fibre-based materials have a very low mass
and are very strong. Instead of using large sheets, the
composite comes in the form of 1.2 mm thick plates
(Sika Carbodur). [18] The plates we used are made of
one-directional composite materials, in the direction of
the carbon fibres (longitudinal), which are embedded
in an epoxydic matrix. We used 50 mm wide plates,
given the substantial curve in the structure.

Table 2 gives the mechanical characteristics of the
carbon plates.
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Table 2. Characteristics of the strengthening plates.

Characteristics Carbon plates

Poisson’s ratio 0.2
Young’s modulus 178,950 MPa
Compressive strength 280 MPa
Tensile strength 2750 MPa

Figure 8. Constitutive law of the composite.

Figure 9. Constitutive law of the glue.

The law of behaviour chosen for the carbon plates
is given in Figure 8.

3.2.3 Bonding material: glue
Glue plays a very important role in structural strength-
ening using composite plates. Deuring [19] found that
the behaviour of a glue film decomposes in two areas:
one elastic and nearly linear, the other plastic.

Table 3. Characteristics of the glue.

Characteristics Glue

Poisson’s ratio 0.2
Young’s modulus 12,800 MPa
Compressive strength 55 MPa
Tensile strength 2.4 MPa

The laws of behaviour adopted for the glue are
exponential. This type of law makes it possible to
reproduce the linear elastic area, then the plastic
area (Fig. 9). Table 3 gives the mechanical character-
istics of the glue.

The law of behaviour of the glue is outlined in
Figure 9.

4 RESULTS OF THE NUMERICAL
COMPUTATIONS

An un-strengthened ovoid section was numerically
computed to obtain its collapse mechanisms and
define the areas in need of strengthening. The carbon
plates were positioned transversally and continuously
on the vault. After several numerical simulations,
[20] the chosen transversal surface corresponded to
a width of 0.75 metres. The results of this strengthen-
ing method are described in the next paragraph. Once
the transversal strengthening area was determined, a
longitudinal optimisation was performed in order to
limit the number of plates (inter-plate spacing).

4.1 Comparison between un-strengthened and
strengthened ovoid sections

The un-strengthened ovoid section was subjected to
a loading equating to silty soil backfill 2 metres in
height. During modelling, a series of load increments
was applied to obtain its full collapse. The manufac-
turer of the ovoid sections certified their strength to be
138 kN.We obtained a rupture load of 157.5 kN, giving
a safety coefficient of 1.15 compared to the manu-
facturer’s value. The behaviour of the un-strengthened
ovoid section is given in Figure 12. During the
numerical simulation, the damaged areas were ver-
ified in relation to the line of the bending-moment
diagram. [13]

With the strengthened ovoid section, collapse
occurred at the fifth loading step, 262.5 kN. A 60%
load gain over the un-strengthened ovoid section was
thus observed. In addition, cracking was retarded. In
the reference ovoid section, the first crack appeared at
95 kN in the vault, whereas it appeared at 160 kN in the
invert of the ovoid section continuously strengthened
by the positioning of the plates.
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Figure 10. Collapse mechanism – mapping of the main
stresses of the continuously strengthened ovoid section.

Figure 10 shows the stresses present at collapse of
the continuously strengthenedT180 ovoid section.The
stresses in the concrete were low, because the glue
transmitted the forces into the plates.

The behaviour of the strengthened ovoid section is
identical to that of the un-strengthened section in terms
of concrete elasticity, i.e. until the appearance of the
first crack, in the un-strengthened ovoid section. The
load-sag curve in Figure 12 shows the behaviour of a
continuously strengthened ovoid section.

Our findings show that this type of strengthening is
well suited to ovoid sewers, despite the considerable
curve in the vault.

Having obtained these first results, we optimised
the area in need of strengthening in order to limit the
cost of in-situ application.

4.2 Optimisation of the strengthening plates

Different numerical strengthening cases were tested
to determine the smallest possible area in need of
strengthening.

First, one out of two plates was applied.The numeri-
cal results showed that it was possible to reduce the area
in need of strengthening. The area finally chosen was
one-third of the initial area. The chosen arrangement
was 150 mm wide plates separated by a 300 mm gap.

Figure 11. Collapse mechanism – mapping of the main
stresses of the strengthened ovoid section with spacing.

The parameters determining the minimal strength-
ening area were as follows:

– Retardation of the first crack until 138 kN, the per-
missible load of a T180 ovoid section supplied by
the manufacturer;

– Load gain greater than 30% of the reference ovoid-
section load.

Figure 11 gives the mapping of the main stresses
for the strengthened ovoid section with inter-plate
spacing.

The load-sag curve of the strengthened ovoid with
spacing (Fig. 12) indicates a slight change in elastic-
ity around 105 kN. However, the significant change
in rigidity occurs at 157.5 kN, the load at which the
first crack appears in the vault between the carbon
plates. The rupture load is 210 kN, a 35% gain over
the un-strengthened ovoid section.

4.3 Comparison and conclusion

The differences in behaviour between the various
models are shown in Figure 12.

The three load-sag curves are identical until 95 kN,
when the first crack is observed in the un-strengthened
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Figure 12. Comparison of the numerical curves.

ovoid section.The comparison between the behaviours
of the two types of strengthened area shows a reduction
in the rigidity of the strengthened ovoid section with
spacing at about 105 kN. However, the two sections
behave similarly until 157.5 kN. Above this loading
there is a greater difference in rigidity, due to the
appearance of the cracks between the plates. As for
the reference ovoid section, the load-sag curve shows
two main domains: the elastic domain up to 95 kN, then
the plastic domain with appearance of cracks through
to structural collapse.

Following these numerical computations, an exten-
sive series of experiments was conducted to compared
the obtained results to the numerical computations.
Two un-strengthened ovoid sections were tested to ver-
ify the law of behaviour applied to concrete and to
determine the collapse mechanism. Then two ovoid
sections continuously strengthened in the vault were
loaded to collapse. Application of composite plates
on the vault achieves a 60% load gain and retards
cracking.

For this paper, only the tests on strengthened ovoid
sections with inter-plate spacing were compared to the
numerical simulations.

5 COMPARISON OF TEST AND
COMPUTATIONS

5.1 Testing of a strengthened ovoid section with
inter-plate spacing

The ovoid sections were vertically loaded. The load
was applied to the vault, and equated to the weight of
backfill soil above the sewers. The jack load was trans-
mitted to the structure by means of a wooden shuttering
filled with sand, to uniformly distribute the load on the
vault. (Fig. 13) The resultant horizontal thrust of the
soil was not considered, in order to highlight the area
under greatest stress, i.e. the vault.

We used an INSTRON press, which has a hydraulic
jack with numerically controlled travel. The load

Figure 13. Loading.

Figure 14. Structural collapse.

was measured using a force sensor of 250 kN static
capacity.

During the test, we measured sagging of the vault
and displacement of the abutment walls in order to
verify structural symmetry. Wall and vault displace-
ments were measured using LVDT sensors connected
to a data-acquisition unit.

Two T180 ovoid sections with inter-plate spacing
were tested. The results were similar, so only one of
the tests was used for this paper.

Cracks appeared at 168 kN, and first developed
between the carbon plates. Cracks also appeared in
the invert intrados and at the midpoint of the walls
on the extrados side. Gradual opening of the cracks
from the intrados towards the extrados was observed.
These cracks caused the structure to collapse. (Fig. 14)
Collapse occurred between the extreme point of load-
ing and the edge of the strengthened area. We obtained
the same collapse mechanism for the un-strengthened
and continuously-strengthened sections.

The maximum recorded loading was 192 kN. Dur-
ing testing, the plates detached from the substrate.
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However, detachment was caused by decohesion in the
substrate and not by rupture of the glue bond.

Comparison of numerical simulation and experi-
ment series Figure 15 gives the curves obtained by
modelling and the experiment series.

In the elastic domain, behaviours were similar. The
behaviour of the tested ovoid section showed quasi-
elastic behaviour up to 160 kN. Cracks then appeared
between the plates, showing the plastic behaviour of
the section.

The numerical curve showed greater structural
rigidity in the plastic domain. The difference in
behaviour was caused by the difficulty of applying
the plates to the curved surface. During testing, spaces
were noted between the plates and the substrate. These
spaces caused a loss of structural rigidity.

6 CONCLUSION

The application of carbon plates to sewer vaults
achieves a 60% gain in rupture loads, and retards the
appearance of the first cracks. The gaps in our under-
standing of ovoid-section behaviour were filled by
finite element modelling. However, because our com-
putations were based on perfect adhesion, we obtained
slightly different behaviours when cracks appeared.
For the application of carbon plates in the next stage
of our experiment series, the strengthening plates will
be placed by inflating a balloon.

Use of this strengthening method for sewer renova-
tion reduces job cost by 60%. In addition, the section
of the sewer is not reduced.

During loading, inter-plate spacing makes it possi-
ble to visualise the concrete cracking in the vault.

A series of tests was carried out on concrete sample
reinforced by FRP in various environments. During
joining in saturated environment, the results of the
tests showed that it was necessary to apply a safety
coefficient related to the problem of adherence to wet
facing [21].

Long term effects are questionable. A research is
under cause for answers the questions.
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ABSTRACT: Based on the available test information provided in literatures since 1990, a comprehensive
database is assembled for an extensive survey of existing studies on the flexural behavior of reinforced concrete
(RC) beams externally reinforced with fiber reinforced polymer (FRP) composites. Beam dimensions, material
properties (concrete, steel reinforcement and FRP composites etc.), and corresponding flexural responses such
as failure modes, moment capacities, etc. are collected in this database. The purpose of this database is to verify
the design formulas presented in ACI 440.2R-02, Guide for the Design and Construction of Externally Bonded
FRP Systems for Strengthening Concrete Structures (ACI 440). The performance of another two simple strength
design models is investigated based on the same database and compared with that of ACI model. Finally, a simple
modified design method is recommended. The modified design method is verified with the database.

1 INTRODUCTION

Flexural strengthening of reinforced concrete (RC)
beams with fiber reinforced polymer (FRP) plate
externally bonded to the tension face is one of the
techniques developed during the last decade. With
the addition of FRP reinforcement, beams exhibit
several unique failure modes under flexural loading:
(a) rupture of FRP plate, (b) concrete cover separation,
(c) interfacial debonding of FRP plate, as shown in
Figure 1 (Arrows indicating crack propagation direc-
tions). These failure modes are reported in many
literatures along with the conventional failure modes
such as crushing of concrete and concrete shear failure.

The interfacial debonding of FRP plate can be either
induced by interfacial normal and shear stress con-
centration reaching a critical value or propagation of
an intermediate crack towards plate end, as shown in
Figure 1c, d. The current research does not discrimi-
nate between these two types of interfacial debonding
failures. All failures in the interface between FRP
and concrete substrate are classified as “interfacial
debonding” in this paper. Interfacial debonding and
concrete cover separation are generally defined as
premature failures because neither the FRP nor the
concrete reaches its full strength capacity under ulti-
mate load. From experimental observation, over 63%
of test beams failed in a premature manner (Bonacci
2001). For the significance of premature failure in FRP
strengthening, many analytical and empirical models
have been proposed to predict the premature fail-
ure strength. Smith & Teng (2002a, b) reviewed 12

(a) FRP rupture (b) Concrete cover separation

(c) Plate end interfacial
debonding

(d) Intermediate interfacial
debonding

Figure 1. FRP-related failure modes of RC beams strength-
ened by FRP plate.

debonding strength models and evaluated them in a
database of 59 test beams. Their study shows that
most of these models do not provide a sufficiently safe
prediction of ultimate strength for design use.

To standardize the use of FRP strengthening tech-
nique, American Concrete Institute (ACI) published a
Guide for the Design and Construction of Externally
Bonded FRP Systems for Strengthening Concrete
Structures, ACI Committee 440.2R-02 (ACI 440). A
design method for predicting the premature debond-
ing strength of a RC beam with FRP reinforcement
is presented. This ACI design method is of great
importance in producing safe design for the applica-
tion of FRP strengthening technique. However, it was
recently found that the current ACI 440 design recom-
mendations are unreliable and potentially unsafe for
structures strengthened with FRP plate (Reed et al.
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2004). So this paper is aimed at verifying the suitabil-
ity of this method by applying different experimental
data. A database is carefully assembled based on 115
test beams from an extensive survey of existing studies
on flexural behavior of RC beams externally rein-
forced with FRP plates (Triantafillou & Plevris 1992,
Nakamura et al. 1996, Takeda et al. 1996, Spadea et al.
1997, Spadea et al. 1998, Rahimi & Hutchinson 2001,
Deng 2002, Grace et al. 2002, Smith & Teng 2002b,
Zhang 2002, Brẽna et al. 2003, Pornpongsaroj et al.
2003, Valcuende et al. 2003 and Zhang et al. 2003).
The database is used to verify the accuracy of the ACI
440 strength design equations.

2 OVERVIEW OF STRENGTH DESIGN
MODELS

Three debonding strength design models established
by different concepts are selected and overviewed.ACI
440 strength model is based on the maximum usable
FRP strain; shear capacity based model relates the
beam strength to ultimate shear capacity at plate end;
and for maximum steel reinforcement ratio model,
beam strength is determined by the unstrengthened
beam with a maximum steel reinforcement ratio.

2.1 ACI 440 model

ACI Committee 440 proposed a design equation to
predict the maximum usable FRP strain. This implies
that the ultimate rupture strain of FRP plate either
reported from the manufacturers or obtained in the
laboratory can not be directly used in finding the ulti-
mate moment capacity. An empirical reduction factor
km, given by Eq (1), which is a function of the stiffness
nEf tf (N/mm) and the rupture strain of FRP εfu, has to
be imposed on εfu to give maximum usable FRP strain;
thus, limiting the tension force developed in FRP in
calculating the debonding strength of FRP bonded RC
beams. Then by applying strain compatibility method
and equilibrium equations to the reinforced section, the
ultimate strength could be found (ACI Committee 440
2002). By substituting the maximum usable strain with
the rupture strain of FRP εfu and assuming a proper
constitutive model for concrete, theoretical strength
Mt , regardless of concrete cover separation or interfa-
cial debonding, can be also obtained. This theoretical
strength Mt will be later utilized as a measurement to
evaluate ACI and other design models.

where n is number of plies; Ef is the tensile modulus
of FRP; tf is the thickness for each ply.

2.2 Shear capacity-based model

The rationale of shear capacity-based model is that
the premature failure strength is related to the shear
strength of the concrete with no contribution of the
steel shear reinforcement. The debonding strength is
generally given in terms of the shear force at the plate
end. One advantage of this model is the interfacial
stresses between the plate and the beam does not need
to be evaluated and little calculation is required to
predict the strength.

Smith & Teng (2002b) proposed a simple design-
oriented shear capacity-based model. The debonding
strength is given by Eq. (2),

where Vu,end is the ultimate shear capacity at plate end.
Vc is the shear capacity of the concrete in the RC beam
alone, without the contribution from the shear rein-
forcement. η = 1.5. According to ACI Committee 318
(ACI 318-99), Vc can be calculated using Eq. (3),

where b and d are the width and depth of the beam
section, respectively; f ′

c is the compressive strength
of concrete; and ρs is the tension steel reinforcement
ratio.

Application of this model is limited with respect
to the magnitude of moment at the plate end Mu,end .
When Mu,end < 0.67Mt , this model yields conservative
prediction of strength for beams included in Smith &
Teng’s database, although there is no data available to
evaluate its performance when Mu,end > 0.67Mt .

2.3 Maximum steel reinforcement ratio model

The maximum steel reinforcement ratio model is
suggested by Naaman (2003). He estimated that, com-
pared to the unstrengthened RC beam, it is reasonable
to design the strength increments for the same RC
beam bonded with FRP as approximately 20% of the
ultimate strength of the same RC beam calculated
assuming a steel reinforcement ratio equal to ρmax,
which could be expressed as follows,

Mu,ρmax and Muns are the ultimate moment capacity of
strengthened and unstrengthened beam, respectively;
Mρmax is the bending strength of the same RC beam
calculated assuming a maximum steel reinforcement
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ratio without FRP reinforcement. Both Muns and Mρmax
could be calculated based on ACI 318 considering the
section is singly reinforced. Like the shear capacity-
based model, a lot of calculation work could be saved
compared toACI method since apparently Eq. (4) does
not include any information about FRP reinforcement.

3 DATABASE

To assess the above three design methods, a compre-
hensive database is constructed for flexural tests on
RC beams externally strengthened by FRP compos-
ites. The criteria enforced in collecting the database
are: (1) all beams have rectangular sections and are
under-reinforced regardless of FRP plate; (2) all beams
are simply supported under three or four-point load-
ing; (3) all beams failed in a manner of either FRP
debonding or cover separation; (4) all beams were stat-
ically loaded until failure and none were pre-loaded;
(5) no anchorage on FRP plate has been used on any
beam, such as bolted end of FRP or extension under
support. Smith & Teng’s database meets all the above
requirements and 58 beams from it are included in the
current database, with only one over-reinforced beam
eliminated (Smith & Teng 2002b). The data is cate-
gorized according to failure modes (plate debonding
or cover separation), FRP curing methods (wet lay-up
or pultruded plate) and FRP types (carbon, glass or
aramid).

4 RESULTS AND DISCUSSIONS

Statistical tools are used in analyzing the performance
of the three strength models. The ratio of experimen-
tal nominal strength to predicted results is adopted
to access each model. Tables 1–6 show the statistical
values of the experimental-to-predicted strength ratio.
Average, standard deviation, coefficient of variation
and percentage of exceedence are calculated. The per-
centage of exceedence is defined as the percentage
of number of tests with an experimental-to-predicted
ratio less than 1. The greater this ratio is, the less con-
servative the model is. Tables 1–3 and 4–6 are for
beams failed by plate debonding and cover separa-
tion, respectively. Tables 1 and 4 are for both types of
FRP plate, wet lay-up and pultruded plate. Tables 2
and 5 are for wet lay-up plate beams only and Tables
3 and 6 are for pultruded plate beams only. From
Tables 1 and 4, ACI model yields the most accurate
and least scattered prediction for both types of prema-
ture failures. But more than half of its predictions are
unconservative with percentage of exceedence of 55%.
This conclusion was confirmed by Reed et al. (2004).
Shear capacity-based model gives slightly unconser-
vative average predictions for debonding failure but

Table 1. Experimental-to-predicted debonding strength
ratio for beams failed by debonding (wet lay-up + pultruded).

Model µ∗ S∗ V ∗ E∗ n∗
t

ACI 1.00 0.15 0.15 55% 64
Smith 0.94 0.32 0.34 66% 64
Naaman 1.35 0.38 0.28 17% 64

∗µ: Average; S: Standard deviation; V : Coefficient of
variation; E: Percentage of exceedence; nt : Number of tests.

Table 2. Experimental-to-predicted debonding strength
ratio for beams failed by debonding (wet lay-up).

Model µ S V E n

ACI 0.97 0.17 0.18 64% 33
Smith 1.15 0.34 0.30 39% 33
Naaman 1.32 0.33 0.25 15% 33

Table 3. Experimental-to-predicted debonding strength
ratio for beams failed by debonding (pultruded).

Model µ S V E n

ACI 1.03 0.12 0.12 45% 31
Smith 0.81 0.21 0.26 81% 31
Naaman 1.38 0.43 0.31 19% 31

Table 4. Experimental-to-predicted debonding strength
ratio for beams failed by cover separation (wet lay-up +
pultruded).

Model µ S V E n

ACI 0.97 0.12 0.12 55% 51
Smith 1.09 0.25 0.23 33% 51
Naaman 1.30 0.26 0.20 10% 51

Table 5. Experimental-to-predicted debonding strength
ratio for beams failed by cover separation (wet lay-up).

Model µ S V E n

ACI 1.03 0.09 0.09 27% 21
Smith 1.26 0.22 0.17 14% 21
Naaman 1.30 0.36 0.28 24% 21

Table 6. Experimental-to-predicted debonding strength
ratio for beams failed by cover separation (pultruded).

Model µ S V E n

ACI 0.92 0.11 0.12 73% 30
Smith 0.97 0.20 0.21 47% 30
Naaman 1.31 0.16 0.12 0% 30
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Figure 2. Experimental results vs prediction of ACI 440
model.

conservative average for cover separation. The max-
imum reinforcement ratio model also produces safe
average prediction and about 80–90% of them are
conservative. For wet lay-up plate beams only, ACI
prediction is still most accurate and least scattered
and maximum reinforcement ratio method predicts
most conservatively. For pultruded plate beams only,
the same trends maintain as that for wet lay-up plate
beams. From Tables 3 and 6, shear capacity-based
model performs very unconservatively for pultruded
plate beams. It is worth to note that maximum rein-
forcement ratio method is totally conservative for
pultruded plate beams failed by cover separation.

Figures 2–4 show the different comparisons of
debonding strength models. For 88% of beams in
the database, the theoretical strength Mtwithout con-
sidering debonding is greater than its corresponding
experimental debonding moment Mexp, justifying the
use of Mt as the upper limit of beam strength. Mu,ACI ,
Mu,shear and Mu,ρmax are the debonding strength pre-
dicted by ACI 440 model, shear capacity-based model
and maximum steel reinforcement ratio model, respec-
tively.Although maximum reinforcement ratio method
performs conservatively for most of beams as shown
in Figures 2–4, it can be concluded that those three
models could not be directly used for design and nec-
essary modification is needed. If ACI model is to be
used, a reduction factor of 0.7 is proposed to be applied
on its prediction of debonding strength to ensure 99%
safe design for RC beams.

Because cover separation or plate debonding may be
triggered by the occurrence and development of flex-
ural or diagonal crack in the vicinity of the plate end
(ACI Committee 440 2002), those models might be
improved by restricting the plate end shear force Vu,end
or bending moment Mu,end obtained from preliminary
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Figure 3. Experimental results vs prediction of shear
capacity-based strength model by Smith & Teng (2002b).
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Figure 4. Experimental results vs prediction of maximum
steel reinforcement ratio model by Naaman (2003).

strength prediction. Since the method proposed by
Naaman (2003) seems most promising to be a design
based one, the following modifications are suggested
for it as Eq. (5) and (6):

whichever smaller controls. Mcr is the cracking
moment of the unreinforced section. Vu,end and Mu,end
can be calculated from the strength model proposed
by Naaman (2003). The performance of the modified
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model is shown in Figure 5. It yields conserva-
tive design strength for 98% beams in the current
database. The modified experimental-to-predicted
strength ratios have an average of 1.47 and a standard
deviation of 0.32. It is suggested that maximum steel
reinforcement model be used for preliminary design
since less calculation is involved.

5 CONCLUSIONS

This paper presents three strength models for design
purpose, considering premature failure in FRP
strengthened simply-supported RC beams. A large
database of 115 beam tests is collected to verify those
strength models.

The strength prediction by ACI is most accurate and
least scattered than shear capacity-based model and
maximum reinforcement ratio method. The maximum
reinforcement ratio model is most conservative of the
three.

However, none of the three models is conservative
enough for a design purpose. Of the three models,
maximum reinforcement ratio model is most promis-
ing to be used for preliminary design because it is
simple to calculate and conservative. By necessary
modification, it gives 98% safe prediction. If ACI
model is to be used, a reduction factor of 0.7 is recom-
mended to ensure 99% safe design for beams in the
database.
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ABSTRACT: In this study, the results of tests on a series of six large-scale (6 metre long by 700 mm deep) CFRP
reinforced beams are reported. The experimental parameters include the level of pre-damage at the time of repair
and the concrete strength. Bond-slip measurements were taken between the concrete and the CFRP together with
extensive strain measurements on the CFRP and concrete surfaces. The CFRP-concrete soffit bond-slip data
collected together with other control data forms a valuable data set for verification of numerical models.

1 INTRODUCTION

Due to the significant level of investment that devel-
oped countries have placed in their public and private
infrastructure, and the aging of this infrastructure,
rehabilitation and strengthening of existing reinforced
concrete structures has become a research focus.
Further, with the advent of fibre reinforced plastics
(FRPs) new strengthening approaches have come to
the fore using external bonding technologies. This
approach has shown significant advantages compared
to traditional methods, mainly due to the outstanding
mechanical properties of the composite materials, its
light weight and the simple application to structural
members.

In the last decade, extensive experimental inves-
tigations on externally bonded FRP structures have
demonstrated the significant improvement in over-
all behaviour of these structures under both service
and ultimate conditions (Ritchie et al., 1991, Arduini
& Nanni, 1997, and Norris et al., 1997). Investiga-
tions on the failure behaviour of structures reinforced
with FRPs have revealed new (often brittle) failure
modes due to mechanisms such as debonding at the
interface between the FRPs and the parent structure
(Saadamanesh & Ehsani, 1991, Garden & Hollaway,
1998 and Arduini et al., 1997).

Although debonding failures have been experimen-
tally investigated in earlier studies, the majority of
tests have been on relative small-scale specimens
and in many cases key test data for the develop-
ment of a rational model have not been collected.
For example, in no test series reported has the rela-
tive displacement between the bonded CFRP plate, or
fabric, and the parent structure been measured. Rather,

smaller control-size debonding samples such as those
of Chajes et al. (1996) have been relied on for this
measurement.

Experimental results have, generally, been poorly
reported throughout the history of research on flexur-
ally strengthened RC beams. For example, in 17 of the
59 tests said to be reliable by Smith & Teng (2002) for
debonding type failures, the depth of the cover con-
crete was not reported. In 48 of the tests no control
measurements were undertaken to determine the con-
crete tensile strength; in 33 tests no control tests were
undertaken to determine the elastic modulus of the
concrete; in 27 tests the elastic modulus of the steel
reinforcing was not measured; in 30 tests the elastic
modulus of the adhesive was not measured or was
estimated from previous tests by the same research
group and; the thickness of the adhesive layer was not
measured in 21 of the 59 tests. In fact in only 10 of
the 59 specimens in the database, all from one study
(Garden et al., 1997), had control tests been under-
taken on all key parameters likely to appear in a rational
bond model. However, in these tests the beams were
of small scale, just 100 mm square in section by one
metre long. In addition to the relatively poor quality
of the reporting of control data, of the tests reported in
the Smith & Teng database one specimen had a span
between supports of 4.6 metres with the remainder of
the specimens with spans of 3.6 metres or less. Over
one half of the specimens reported had a span of less
than two metres!

This paper reports the results of six (of a planned
series of eight) large-scale CFRP reinforced beams.
The main experimental parameters are the levels of
damage at the time of repair and the concrete strength.
Bond-slip measurements between the concrete and the
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CFRP together with extensive strain measurements
on the CFRP and concrete surfaces are taken. The
CFRP-concrete soffit bond-slip data collected together
with other control data forms a valuable data set for
verification of numerical models.

2 EXPERIMENTAL PROGRAM

2.1 Test specimens

The overall dimension and details of the reinforce-
ment arrangements for the six beams tested are shown
in Figure 1. The beams were 350 mm wide, 700 mm
deep and 6500 mm long. All specimens were identical
in dimensions and reinforcement arrangements. The
test variables are the concrete strength and the extent
of pre-damage. The details of the tests are given in
Table 1. In the two remaining tests of this series, fatigue
of the repaired beams are to be investigated.

For beam B2, the CFRP repair was affected at zero
load. The beam was then loaded slowly to 250 kN
and measurements taken. At 250 kN the test was
paused and the specimen unloaded. Two major cracks
in the constant moment region were identified and
strain gauges attached to the CFRP adjacent to the
cracks, as described below. The load was then grad-
ually increased until failure. For beam B6 the repair
was at zero load and the loading gradually increased
to failure.

2R10 @ 100

250 2500

4N20

2N12
1000

2 x 1.4 mm x 120 mm CFRP plates
2  mm epoxy glue (nominal)

R10 @ 100 c/c

350

70
0

2N12

55
60 2N20

2N20

51

Clear cover = 35 mm
(all sides)

250
6000

750

Figure 1. Details of CFRP strengthened beams.

Table 1. Test variables.

Beam fcm (MPa) Pre-damage Repair details

B1 37 NIL NIL
B2 37 NIL CFRP
B3 37 80% CFRP
B5 53 NIL NIL
B6 53 NIL CFRP
B7 53 80% CFRP

The loading history both prior to and after repair
for beams B3 and B7 is given in Figure 2. At the first
loading loop, the specimens were loaded to 240 kN,
about 80% of the ultimate load of the control speci-
men before unloading to zero load. The load was again
taken to 240 kN before unloading to 150 kN (≈50% of
the strength of the control specimens) and held con-
stant while the repair was affected. The load was held
constant for 7 days while the epoxy cured and then
increased gradually to failure.

2.2 Materials

The reinforcement used for the longitudinal steel
consisted of nominally 500 MPa grade, hot rolled,
deformed bars of 20 mm diameter for the bottom
reinforcement and 12 mm diameter for the top rein-
forcement. The shear reinforcement was fabricated
from nominally 250 MPa grade 10 mm diameter bars.
Details of the material properties for the reinforcing
steel are given in Figure 3.

The concrete was supplied by a local ready-mix
supplier. The maximum aggregate size was 10 mm
and was nominally 25 MPa for specimens B1 to B3
and 40 MPa for beams B5 to B7. The actual mean
compressive strength (fcm) results were obtained from
the average of three 300 mm by 150 mm diameter
cylinders tested in conjunction with the test beams (at

Time
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150

Load (kN)

Repair
7-days

Figure 2. Loading procedure for specimens B3 and B7.
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a rate of 20 MPa/min) with the results given in Table 1
and Figure 4.

The CFRP used in this project was CFK laminate
150/2000 as supplied by MBrace®. The thickness of
this laminate was specified by the manufacturer as
1.40 mm and measurements taken with a microme-
ter confirmed an average thickness of 1.40 mm. This
laminate was chosen due to its well defined material
properties as opposed to using a wet lay-up system
where the properties of the laminates are more vari-
able. The resin used for the bonding of CFRP was
a two-part epoxy adhesive (MBrace® laminate adhe-
sive) that consisted of components A and B. The
nominal mechanical properties of the CFRP and epoxy
as given by the manufacturer are presented in Table 2.

The CFRP was tested to obtain the ultimate strength
and elastic modulus using 12.5 mm wide by 300 mm
long strips with the strain measured over a gauge length
of 200 mm. Three specimens were prepared and tested
at a rate of 2 mm/min with the results of the tests given
in Figure 5. The mean ultimate strength of the three
specimens was 2150 MPa, the ultimate tensile strain
was 1.34% and the elastic modulus was 160 GPa.

The bond stress versus slip between the CFRP lami-
nate and the concrete was obtained using double- shear
bond tests. Two specimens were prepared, one speci-
men for each mix, using 100 mm square by 600 mm
long prisms cast together with the beam specimens.
The specimens were pre-cracked and FRP laminates
applied to two sides using the same method as that
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Figure 4. Material properties for concrete.

Table 2. Nominal CFRP material properties.

CFRP 150/2000
Ultimate tensile strength 2700 MPa Min
Modulus of Elasticity 165 GPa Min
Ultimate strain 1.4%

Adhesive
Compressive strength >60 MPa
Flexural strength >30 MPa
Specific Gravity@23◦C 1.5
Full Cure@23◦C 7 days

for the beams. Before casting, steel bars were placed
within the specimens with the bars discontinuous at
the middle of the specimen. Thus, the two halves of the
prism forming the test specimens were connected only
through the FRP laminates. One side of the specimen
was clamped with an applied force of 30 kN forcing
delamination on the opposite side of the test speci-
men. The specimens are denoted as BS37 and BS53
corresponding to the mean cylinder strengths of 37 and
53 MPa, respectively.

The specimens were tested at a rate of 1 mm/min
and were subjected to a tensile force applied to the
embedded reinforcing bars. The test setup is shown in
Figure 6 and the results of bond stress versus slip are
given in Figure 7.

In addition to the bond strength-slip tests, a further
two specimens were tested for each concrete mix for
bond strength only. The average bond strengths were
4.2 MPa and 3.8 MPa for BS37 and BS53, respectively.
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Figure 5. Actual tensile stress versus strain for the CFRP.

Figure 6. CFRP Bond test setup.

507



0 0.1 0.2 0.3 0.4
Slip (mm)

0

1

2

3

4

5

ττ 
(M

P
a)

BS37

BS53

Figure 7. Measured bond stress versus slip.

Figure 8. Preparation of strengthened specimens:
(a) concrete surface preparation; (b) timber packing
and props to hold the CFRP in place during curing.

All concrete test beam surfaces were ground to
remove smooth cement paste to expose the aggregates
(Figure 8a). Next, the roll of 120 mm wide CFRP was
cut into lengths of 5500 mm. Surface preparation of
the CFRP followed with sanding of the surface and
cleaning to remove grease, oils, carbon dust or other
contaminants prior to installation. After the CFRP and

Table 3. Average adhesive thickness.

Specimen Adhesive thickness (mm)

B2 3.33
B3 3.39
B6 2.15
B7 3.48

concrete surfaces were prepared, the primer was mixed
as per the suppliers instructions and applied to the con-
crete surface. The epoxy adhesive was then mixed and
applied to both CFRP and concrete surface to a nom-
inal thickness of 2 mm. The CFRP was subsequently
applied to the soffit of the beam specimen using light
pressure and held in place using timber packing and
props (Figure 8b).

On completion of the CFRP installation, the beam
was cured at ambient temperature for at least 7
days before testing. Following each test, examining
the failed specimens, the adhesive thicknesses were
measured using a micrometer (Table 3).

2.3 Test setup

All specimens were tested in four-point bending using
a 1000 kN capacity jack. Mechanical and electrical
gauging and monitoring equipment was set up to
measure loads, displacements, tensile steel strains,
concrete strains and CFRP strains.

Electronic resistance strain gauges were attached to
the main tensile reinforcement and external surfaces of
CFRP plates. For the control beams, 12 strain gauges
(S1 to S12 in Figure 9a.) were attached to the main ten-
sile reinforcement at the mid span and beneath the load
points. The strain gauges were installed on both layers
of the main tensile reinforcement. For the strengthened
beam specimens, six strain gauges (S1, S5, S6, S7, S8
and S10) were attached to the main tensile reinforce-
ment. Four were attached at mid span and one at each
load point. For specimen B2, 17 strain gauges were
attached to the CFRP plates at the locations shown in
Figure 9b. For specimens B3, B6 and B7 strains were
measured in the CFRP plate at 16 locations along one
half of the span (Figure 9c).

One of two modes of failure was anticipated, inter-
facial debonding or intermediate crack interfacial
debonding. For specimen B2, strain gauges F8 to F17
were located adjacent to two large cracks within con-
stant moment region. Strain gauges F1 to F7 were
glued into position and the beam then loaded to 250 kN
to induce cracking. The beam was then unloaded and
strain gauges F8 to F17 glued to the CFRP adjacent to
the cracks (Figure 9b).

Average surface strains were measured at the level
of the reinforcement along the beam using Demec
strain gauges (Figure 10a). Demec targets were also
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Figure 9. Strain gauge locations: (a) tensile reinforcement,
(b) CFRP laminate of specimen B2; (c) CFRP laminate for
specimen B3, B6 and B7.
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Figure 10. Details of Demec targets: (a) surface strains for
all specimens; (b) soffit strains for specimen B3, B6, and B7.

located at the mid-section of the specimen to measure
curvatures.

To measure the relative displacement (or slip)
between the concrete and the CFRP plates at the sof-
fit of the specimens, Demec targets were attached as

Steel box 100 mm x 100 mm with
steel plates 15 mm x 150 mm

Hydraulic jack
Spreader box-beam

Load cell

Hydraulic jack

150

Figure 11. Test setup for strengthened beams (control beams
similar).

Figure 12. Beam B2 after debonding failure.

shown in Figure 10b for beams B3, B6 and B7. Gauges
30A to 41A were attached to concrete adjacent to the
CFRP and gauges 30B to 41B were attached to the
CFRP at the time of the installation of the plates. For
beams B3 and B7 this was with the load maintained at
150 kN.

For the strengthened beam specimens, one end of
the CFRP plates was clamped, to induce failure at
the other end, using a hydraulic jack and steel plate
arrangement. The jack was pressured to apply a load
of 240 kN which was held constant for the duration of
the test. The test setup is shown in Figures 11 and 12
for beam B2.

3 RESULTS AND OBSERVATIONS

The failure loads and modes of failure are presented in
Table 4. For the CFRP specimens two failure loads are
given, before and after debonding. For the strength-
ened beams, Pu corresponds to the debonding failure
and Pr is the post debonding capacity.

Failure of all strengthened specimens was by inter-
mediate crack interfacial debonding with the debond-
ing mechanism initiated by cracks in the vicinity of
the constant moment region. For example, in beam B6,
shown in Figure 13, debonding was initiated adjacent
to a crack at approximately 700 mm east of midspan.
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Table 4. Experimental failure loads and modes of failure.

Failure load (kN)

Beam Pu Pr Pu/Pr Failure mode

B1 310 – – Flexure
B2 447 306 1.46 Debonding
B3 420 312 1.35 Debonding
B5 324 – – Flexure
B6 477 322 1.48 Debonding
B7 482 331 1.46 Debonding

Figure 13. Initiation of intermediate debonding failure (B6
at P = 450 kN).

Figure 14. Debonding failure in beam B3.

The debonding crack then continued along the speci-
men towards the supports until the force in the CFRP
could not be sustained by the anchorage length. At this
time a sudden debonding failure occurred (Figure 14).

The loads versus midspan deflections are given in
Figure 15 and 16. The results show that the CFRP
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Figure 15. Load versus midspan displacement for B1, B2
and B3.
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Figure 16. Load versus midspan displacement for B5, B6
and B7.

strengthening system increased the strength of the
beams by approximately 35 to 50% compared to the
control beams but failed in a less ductile manner. Com-
paring the results of beams B2 and B6 and beams
B3 and B7 shows that the pre-damage affected only
slightly the ultimate strengths of the beams. Compar-
ing the results of beams B2 and B3 and of B6 and
B7 shows that the strength of the strengthened beams
increased with an increase in the concrete strength,
however, the increase in strength was similar to the
proportional increase between the control specimens
B1 and B5.

In Figure 17 and 18 the steel strains at the midspan
are plotted. The figures show that the steel strains at
midspan are influenced by the applied load at the time
of the attachment of the CFRP plates. For the control
beams (B1 and B5) and repaired beams (B3 and B7),
the steel strain reached the yield strain at 240 kN while
the steel strains in the undamaged- strengthened beams
B2 and B6 yielded strain at 320 to 350 kN.

The strains at the end of the CFRP plates for spec-
imen B2 are given in Figure 19 and the strains in the
vicinity of two monitored cracks of specimen B2 are
given in Figure 20. The strains were similar and indi-
cate that the discontinuity in the concrete at the crack
did not change, significantly, the local stresses in the
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Figure 17. Load versus steel strains at midspan for beams
B1, B2 and B3.
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Figure 18. Load versus steel strains at midspan for beams
B5, B6 and B7.
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Figure 19. Beam B2 end-plate CFRP strains (gauge F1
to F5).

CFRP plate.Thus, the epoxy allowed for sufficient slip
to produce near uniform distribution of strains in the
CFRP between cracks in the constant moment region.

The strains along the beams are given in Figure 21
for beam B3 and B7 where each data point is taken
as the average strain of adjacent strain gauges on
the CFRP plates. The figures show that as the load
increased beyond the capacity of the unstrengthened
control beams, the strains in the CFRP increased
rapidly. At 420 kN in beam B3 an approximately
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Figure 20. Specimen B2: CFRP strain data for strain gauges
F8 to F17.
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Figure 23. CFRP strain data of Demec gauge 6 to 29 along
B1 specimen.

uniform strain is seen between 0 and 2300 mm from
the centre of the specimen. For specimen B7 high,
near uniform, strains were measured well beyond the
constant moment region.

The slip between the CFRP and concrete of beam B3
is presented in Figure 22.The slip was calculated by the
elongation difference between CFRP plate and con-
crete surface at the soffit of the beam. The elongations
of CFRP and concrete are obtained by multiplying the
strain results from Demec target measurements by the
gauge length (250 mm). While care must be taken with
the interpretation of these results as they only indicate
average slip over the gauge length, some comments
can be made. The figure shows that the slip was small
at the distance from the centre of 2250 mm to the end
of the CFRP plate which implies that there was little
demand on bond at this location. On the other hand,
the bond demands were highest within the constant
moment region of the beam (between cracks). These
observations are consistent with the measured strains
in the CFRP (Figure 21a).

In Figure 23 and 24, the Demec strains measured at
the level of the reinforcing steel are plotted for beams
B1 and B3, respectively. Figure 23 shows that the yield-
ing of the steel extended well beyond the constant
moment region for the strengthened specimens.
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Figure 24. CFRP strain data of Demec gauge 6 to 29 along
B3 specimen.

4 CONCLUSIONS

In this study, six large-scale beams were tested with a
clear span of 6.0 m.All beams were identical in dimen-
sions and steel reinforcement detailing with the test
variables being the concrete strength and the degree
of pre-damage. The beams were loaded in four-point
bending and extensively gauged.

The experiments showed a significant increase
in strength over that of the control beams for
both the undamaged and pre-damaged specimens. A
small increase in stiffness was also evident for the
strengthened undamaged specimens but no significant
increase in the pre-peak stiffness was evident for the
pre-damaged and repaired specimens over that of the
control beams. The increase in strength, however, is
at a sacrifice of ductility. The debonding of the CFRP
led to a sudden drop in load with the response of the
beams reverting back to that of the control specimens.

The significance of this research is not, however, in
its particular findings on strength and behaviour but
that it provides a valuable and complete data set for the
verification of numerical and improved design models.
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Parametric study of intermediate crack (IC) debonding on
adhesively plated beams
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The University of Adelaide, Adelaide, South Australia, Australia

ABSTRACT: Reinforced concrete members retrofitted by adhesively bonding steel or fibre reinforced polymer
(FRP) plates to the external surface is often subjected to premature debonding or peeling of the plate from the
existing structure before reaching the desired strength or ductility. One of the main mechanisms of debonding
failure is intermediate crack (IC) debonding. In this research, a generic model has been developed for IC
debonding of plated RC beams based on partial interaction theory. Using this model, parametric studies on
variation in crack spacing and rate of change of moment was carried out and it was found that both of these
factors as well as the number of cracks in the beam can have large effects on the local behaviour and the resultant
strains in the plated member.

1 INTRODUCTION

Retrofitting reinforced concrete members by adhe-
sively bonding steel or fibre reinforced polymer (FRP)
plates to the external surface is a simple technique
which is rapid to apply, inexpensive, unobtrusive, and
can be applied while the structure is in use. The main
problem associated with adhesively bonding plates to
RC members is premature debonding or peeling of the
plate from the existing structure before reaching the
desired strength or ductility. This form of failure is
unique to plated structures. The debonding failure can
be classified into 3 main categories (Oehlers 2000,
Mohamed Ali 2000): (1) plate end PE debonding,
caused by the existence of high interfacial shear and
normal stresses at the plate end due to abrupt termi-
nation of the plate (Fig. 1); (2) critical diagonal crack
CDC debonding due to vertical shear deformations
of the beam (Fig. 2); and (3) intermediate crack IC
debonding which is associated with the formation of
flexural or flexural-shear cracks in the vicinity of the
plate (Fig. 3). IC debonding is considered to be a more
dominant failure mode compared to PE debonding,
especially for thin FRP plates, however there is very
limited literature regarding to this failure mechanism
(Wu & Niu, to be published). Unlike PE debonding and
CDC debonding, IC debonding is difficult to prevent,
and since it is a much more ductile failure compared
to PE and CDC debonding, it should be the failure that
engineers design for when retrofitting beams using this
technique.

In order to accommodate the intercepting flexure
cracks in IC debonding, the plate requires infinite
strains across the cracks, which is not possible, hence

tension face
plate

PE debonding cracks

Figure 1. Plate end debonding.

tension face
plate

CDC debonding crack

Figure 2. Critical diagonal debonding.

horizontal cracks occur at the plate/concrete interface.
IC debonding cracks usually first occur at positions
of maximum moment, where strains in the plate are
largest (Oehlers & Seracino, to be published). From the
roots of the intersecting cracks they propagate gradu-
ally towards the plate ends as illustrated in Figure 4.
Because concrete has a much lower strength than the
adhesive, these debonding cracks generally occur in
the concrete adjacent to the adhesive-concrete inter-
face. For IC debonding induced by flexural cracks,
crack widening causes debonding propagation. For IC
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Figure 3. Intermediate crack debonding.

M M

IC debonding
propagation

Intermediate
flexural crack

Figure 4. Intermediate crack debonding mechanism.

debonding induced by flexural-shear cracks, the rela-
tive vertical displacement between the two faces of the
crack also produces peeling stresses at the interface,
however this effect is less significant hence it is con-
sidered that the propagation of debonding is predomi-
nately caused by widening of crack (Teng et al. 2002).

In this research, a generic model has been devel-
oped for intermediate crack debonding of plated RC
beams based on partial interaction theory (Oehlers &
Bradford 1995). This model will allow us to have a
better understanding of the behaviour of IC debond-
ing, and hence predict when IC debonding will occur.
Parametric studies have been carried out to study how
the variation in crack spacing and rate of change of
moment dM /dx affects the behaviour of IC debonding
in plated members.

2 COMPUTER MODEL

The behaviour of composite beams, and plated and
unplated reinforced concrete beams are similar in that
for all 3 systems, the force in the concrete is transferred
to the reinforcement or plate via the bond provided
at the interface. Therefore, the partial interaction the-
ory that was originally developed for composite beams
(Johnson 1994) can also be applied to plated and
unplated RC beams.

Before flexural cracking of concrete, there is no slip
at the concrete/plate interface and so the strain is lin-
early distributed along the cross-section such as that
illustrated in Figure 5a for a plated beam.Therefore the
assumption of plane sections remaining plane holds
and there is a full interaction between the plate and

concrete

A

A

(a)

ds/dx

flexural
crack

εp εp

εCτb

(b)

load
strain ε

plate

ε

Figure 5. (a) Full interaction (b) partial interaction of
plated beam.

the concrete i.e. plate strain at the interface is equal
to the strain in the concrete adjacent to it. However,
when cracking occurs, this causes high bondstress to
develop near the crack, and as a result, sliding occurs
between the concrete and the plate. That is there is slip
at the interface given by Equation 1, where up and uc is
the displacement of the plate and the concrete respec-
tively. Therefore the strain in the plate εp is no longer
equal to the strain in the adjacent concrete εc such as
shown in Figure 5b. This means that full interaction
analysis can no longer apply to the structure. The dif-
ference between the plate and adjacent concrete strain
is defined as slip strain ds/dx (Equation 2), and this is
now a partial interaction problem.

To perform partial interaction analysis on plated
beams, the “shooting technique” (Oehlers & Bradford
1995) is used. This involves performing segmental
analysis along the member at fixed increments x to
a point where the boundary conditions are known.
Iterative procedures are carried out by changing the
guessed slip at a crack scr until the boundary condi-
tions are satisfied. Before performing the analysis, the
location of the first crack needs to be chosen; for exam-
ple for a beam subjected to a concentrated load, the
first flexural crack is assumed to occur immediately
under the applied load. For beams under flexure, the
flexural cracks will occur at region of high moment
and due to these cracks, there will be slip s and hence
slip-strain ds/dx between the plate and the adjacent
concrete. Therefore this cracked region is a partial
interaction region such as that illustrated in Figure 6
and our partial interaction model applies here.

For a beam subjected to a point load, maximum
slip smax occurs beneath the load. For a beam with
a single crack, as we move towards the support, the
slip at the concrete/plate interface decreases until we
reach a point where there is no further slip s, and the
strain in the plate and the adjacent concrete is identical
such as point A in Figure 6. From this point to the
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Figure 6. Partial interaction model for plated beams.

support we have full interaction, where s = ds/dx = 0
and this forms the boundary conditions for analysis
with single crack.

If another crack forms in the partial interaction
region as in Figure 6, this will change the stress and
slip distribution along the beam. However, the beam
needs to be reanalyzed based not only on the bound-
ary conditions above, but also the boundary condition
that the concrete tensile strain εct at the concrete/plate
interface equals zero at sections immediately adjacent
to the crack. The model developed can be applied to
tensile specimens as well as plated and unplated rein-
forced concrete beams. Using the model, the location
of the flexural cracks can be found and the local stress
and slip behaviour between cracks can be obtained.

The parametric study carried out in this context
is on a simply supported plated RC beam, where a
point load is applied at midspan L/2 and it is assumed
that 3 flexural cracks forms at fixed crack spacing xc
as shown in Figure 6. As the aim of this parametric
study is to examine the IC debonding behaviour at the
plate-concrete interface, the reinforcing bars are hence
neglected in the analysis. The beam is 375 mm wide
(b) by 120 mm high (h), with a concrete strength fc of
40 MPa. CFRP plate is adhesively bonded along the
tension face over the entire length of the beam with a
width bp and thickness tp of 50 mm and 1.2 mm respec-
tively. The plate has a Young’s modulus Ep of 144 GPa
and a fracture strength ffrac of 3050 MPa. Analysis was
carried out based on the non-linear bondstress-slip
(τb-s) model shown in Figure 7, where τb·max = 6 MPa
at sm = 0.02 mm, and sf = 0.2 mm. Debonding at the
plate/concrete interface occurs when slip is greater
than sm.

3 VARIATION OF CRACK SPACING

Analysis was carried out on the simply supported beam
illustrated in Figure 6 where the length of the beam L
is kept at 2000 mm and the spacing between cracks

τb (MPa)

τb.max

Slip s (mm)

sfsm

Figure 7. Bondstress-slip model (Teng et al. 2002).
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xc is varied to observe the effects of crack spacing on
the local behaviour of plated members. As the beam is
symmetrical, analysis was carried out from the applied
load P to the support.

For a beam with only a single crack beneath the load
i.e. crack 1 in Figure 6, it was found that as the slip
at crack 1 scr1 increases, the resultant bond force Pb
and hence the strain in the plate εp increases until scr1
reaches sf as shown in Figure 8 and Figure 9 respec-
tively, where x is the distance from crack 1.At scr1 = sf ,
the bond force, given by the area under bondstress
graph Figure 8, is at its maximum with a maximum
plate strain εp·max of 0.00266 being reached at crack 1.
As the slip at crack 1 further increases, the debonding
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crack propagates along the beam while the plate strain
at crack 1 remains constant at εp·max (Fig. 9).

Note how as the slip at the crack increases, the
point of full interaction (ds/dx = s = 0) moves closer
to the support as shown by Figure 10, which means
that the region of partial interaction is increasing due
to debonding and eventually debonding failure will
occur at the maximum plate strain εp·max of 0.00266. It
should be noted that based onTeng’s bond model (Teng
2002), the effective bond length Le for the beam anal-
ysed is 167 mm, which agrees with that found from
our analysis as shown in Figure 8.

To study beams with different crack spacings, anal-
ysis was performed assuming 2 cracks, crack 1 and
2, had formed along the shear span L/2 = 1000 mm
(Fig. 6) where a crack spacing xc of 50 mm, 100 mm,
200 mm, and 400 mm was considered. Figures 11–13
show respectively the bondstress, slip, and plate strain
distribution of a beam with xc = 100 mm. It can be
seen that the occurrence of a new crack largely affects
the local behaviour of the beam. Due to the exis-
tence of a subsequent crack, there is a change in slip
direction, i.e. negative slip, in between the cracks as
shown in Figure 12. As a result, there is a change in
direction in the bondstress between cracks in order to
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for various scr1 (in mm).

maintain equilibrium as illustrated in Figure 11. When
the slip at crack 1 is small i.e. scr1 < sf (=0.2 mm),
the slip near crack 2 increases (in opposite direction)
with increase in scr1 which causes debonding cracks to
occur at crack 1 propagating towards support as well
as at crack 2 moving towards applied load. However as
scr1 increases to greater than sf , the debonding cracks
that were propagating from crack 2 towards applied
load do not propagate any further i.e. slip near crack
2 decreases with increase in scr1, and the debonding
cracks are now propagating in one direction towards
the support.

From Figure 12, it can be seen that the point of
zero slip between cracks shifts towards the subsequent
crack, crack 2, as slip increases. Eventually the slip
between the cracks will become so large that there
will be no change in slip direction between the cracks
i.e. at scr1 = 0.6 mm, which indicates that the whole
segment between the two cracks is moving towards
the support, hence resulting in the closing up of crack
2. This is also demonstrated in Figure 13 where the
plate strain increases as we approach a crack, how-
ever at scr1 = 0.6 mm, the plate strain does not increase
near crack 2, which indicates that the crack is closing
up. The plate strains increase as slip increases and the
maximum plate strain occurs just prior to closing up
of crack 2, when zero slip occurs at crack 2.
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Figure 14 is a comparison of the plate strains
obtained at crack 1 εp·cr1 at the corresponding slips
for various crack spacing xc considered. It can be
seen that at small slip prior to debonding (i.e. at
scr1 < sm), difference in crack spacing does not affect
εp·cr1 obtained. For a beam with single cracks, maxi-
mum plate strain εpmax·single is reached at scr1 = 0.2 mm
(=sf ) and remains constant as slip increases. However
when there are multiple cracks in the beam, the smaller
the crack spacing, the larger the plate strain at crack 1.
Note that for crack spacings greater than the effective
bond length (Le = 167 mm), due to the cracks being far
apart, initially εp·cr1 obtained is similar to that for a sin-
gle crack beam. However as the slip becomes large and
the debonding cracks begin to approach crack 2 such
that the distance between the point where slip = sf and
crack 2 is less than the effective bond length (Fig. 15),
then εp·cr1 obtained is larger than that for a single
crack beam.

Note that in Figure 14, the analysis was carried out
up to closing of crack 2. If there were cracks throughout
the span, after crack 2 closes, the crack spacing from
crack 1 to the next crack is doubled, hence the strain
in the plate decreases. For example, for a crack spac-
ing of 50 mm, at scr1 = 0.43 mm and εp·cr1 = 0.0084,
crack closes so that the distance between crack 1 and
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Figure 16. Ratio of εpmax·cr1 and εpmax·single vs crack spacing.

the next crack is now 100 mm. Therefore for the same
slip, εp·cr1 drops to 0.005 due to increase in crack spac-
ing. If there were only 2 cracks in the shear span such
as the beam in Figure 6, as there is no further crack-
ing after crack 2, the strain in the plate at crack 2 εp·cr2
cannot exceed the maximum plate strain obtained for a
single crack εpmax·single. For example, for xc = 200 mm
shown in Figure 14, when the plate strain at crack
1 is 0.0034, εp·cr2 = εpmax·single and since there is no
further cracking after crack 2, debonding cracks will
propagate immediately from crack 2 to the support
causing failure. For all the crack spacing xc consid-
ered, failure occurred prior to crack 2 closing due
to εp·cr2 > εpmax·single, except for xc = 400 mm where
εp·cr2 < εpmax·single, hence crack 2 closes at scr1 = 1.2
and the plate strain reduces to that of single crack
(εpmax·single).

Figure 16 shows the ratio of maximum plate strain
obtained at crack 1 εpmax·cr1 and εpmax·single for differ-
ent crack spacings. It can be seen that for fully cracked
beams with cracks throughout the span, εpmax·cr1
increases exponentially with decrease in crack spac-
ing. This is the upper bound to the maximum strain
that can be achieved in a plate for the crack spacing
considered. However if the beams only have 2 cracks,
at small crack spacing the maximum plate strain is
close to that given by beam with a single crack. This
case with 2 cracks forms the lower bound to εpmax·cr1
for beams with multiple cracks. This shows that crack
spacing and the amount of cracks along the beam
largely influences the local stress and strain in a beam.

4 VARIATION OF RATE OF CHANGE
OF MOMENT

The effects of rate of change of moment dM/dx on the
local behaviour of plated beams is studied by analyzing
the simply supported beam illustrated in Figure 6,
firstly looking at a single crack, crack 1, then assum-
ing 2 cracks in the beam, crack 1 and 2 at a fixed crack
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spacing xc of 200 mm. The rate of change of moment
is varied by changing the length of the beam L.

It can be seen from Figure 17 that varying L and
hence the rate of change of moment does not affect
the maximum plate strain in beams with single crack.

Analysis was carried out on a beam under constant
moment (i.e. L → ∞) with a fixed crack spacing xc
of 200 mm as illustrated in Figure 18. The bondstress
distribution between 2 cracks is given in Figure 19.
To maintain equilibrium, the point of zero slip always
occurs at midpoint between 2 cracks, as opposed to
varying moment region where the point of zero slip
moves towards the next crack as slip increases. There-
fore the debonding cracks in constant moment region
will propagate in both directions and will not close up
like those in varying moment regions. As the sum of
bond force between cracks in constant moment region
is equal to zero, the force in the plate is given by the
resultant bond force in the varying moment region
along the beam. If the beam is uncracked in the varying
moment region i.e. region a in Figure 18, then the max-
imum plate strain that can be obtained is the same as
that for a beam with single crack i.e. εpmax = εpmax·single.

The comparison of plate strain at crack 1 εp·cr1 at
the corresponding slip scr1 for different beam length
L, hence different rate of change of moment consid-
ered is illustrated in Figure 20 where a crack spacing
of 200 mm is considered. Analysis was carried out
on beam length ranging from 500 mm to 8000 mm,
assuming there are cracks throughout the beam at con-
stant crack spacing. Like the analysis carried out for
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varying crack spacing, εp·cr1 increases with increase in
slip at crack 1 until the maximum plate strain is reached
just prior to crack 2 closing, after which there is a sud-
den drop in εp·cr1 due to increase in crack spacing as a
result of crack 2 closing. It can be seen from Figure 20
that when the beam is short i.e. L = 500 mm such that
the rate of change of moment dM/dx is very high, the
plate strain obtained at crack 1 εp·cr1 for the relative scr1
is similar to that found for a beam with single crack.As
we increase L, which reduces dM /dx, initially at a small
slip εp·cr1 obtained is similar to that for single crack
beam due to the large crack spacing (xc > Le). How-
ever as slip increases, εp·cr1 achieved becomes greater
than that obtained from a single crack beam.

If we consider a beam with only 2 cracks in the shear
span such as that illustrated in Figure 6, it was found
that at L > 1000 mm due to the small rate of change of
moment, the plate strain in crack 2 εp·cr2 is relatively
high. Since there is no further cracking after crack
2, therefore εp·cr2 cannot exceed the maximum plate
strain obtained for a single crack εpmax·single. For beams
with length greater than 1000 mm, it was found that
plate strain at crack 2 reached εpmax·single before crack 2
closes up, hence causing debonding failure to occur at
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an earlier εp·cr1 as shown by the arrows in Figure 20. For
example, for L = 2000 mm shown in Figure 20, when
the plate strain at crack 1 is 0.0034, εp·cr2 = εpmax·single
and since there is no further cracking after crack 2,
debonding cracks will propagate immediately from
crack 2 to the support causing failure.

Figure 21 shows the ratio of maximum plate strain
obtained at crack 1 εpmax·cr1 and maximum plate strain
obtained for a single crack εpmax·single for various beam
length with fixed crack spacing of 200 mm. The upper
bound of εpmax·cr1 is determined by considering beams
with cracks throughout the beam, and the lower bound
is given by the beams with only 2 cracks in the span.
When L is very small such that the rate of change of
moment dM /dx is very high, the maximum plate strain
obtained is similar to that of a beam with single crack.
As L tends to infinity i.e. constant moment dM /dx = 0,
εpmax·cr1 tends to εpmax·single. There is an optimum beam
length at which a maximum strain in the plate can be
achieved and this optimum length is dependent on the
number of cracks along the beam as well as the crack

spacing, which are in turn dependent on the rate of
change of moment.

Figure 22 illustrates how the ratio of the resultant
bond force between crack 1 and 2 Pb(crack1−2) and the
total bond force in the beam Pb·tot (i.e. resultant force
in the plate) varies for different beam length, that is
different dM /dx. It is found that the amount of force in
the plate contributed by the segment between cracks
increases exponentially with decrease in beam length
(that is with increase in rate of change of moment).

5 CONCLUSION

– Crack spacing and the number of cracks along the
beam largely affect the local stress and strain in
beams, whereby smaller crack spacing results in
larger plate strains.

– Amount of force in the plate that is contributed by
the uncracked segment between adjacent cracks is
linearly proportional to the crack spacing.

– There is an optimum beam length at which a max-
imum strain in the plate can be achieved and this
optimum length is dependent on the number of
cracks along the beam as well as the crack spacing,
which are in turn dependent on the rate of change
of moment.

– The amount of force in the plate contributed by
the segment between cracks increases exponentially
with decrease in beam length, that is with increase
in rate of change of moment.
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ABSTRACT: Adhesively bonded FRP plates in strengthened structures are susceptible to debonding prema-
turely before reaching the designed strength due to many factors. One of the major factors that affecting the
behaviour of the strengthened beams is the bond strength (interfacial shear strength) between the reinforcing
plate and the concrete substrate, other than, the plate end debonding, critical diagonal crack debonding and
intermediate crack debonding. The paper deals with the bond strength tests conducted using metallic and FRP
plates and test results of the beams strengthened with different types of FRP plates to study the parameters that
control the critical diagonal crack (CDC) and intermediate crack (IC) debonding modes. Useful guidelines are
presented to quantify the plate-concrete interface bond strength, ultimate capacity of the tension face plated and
side plated beams susceptible to axial peeling and shear peeling.

1 INTRODUCTION

Bonding of steel or fibre reinforced polymer (FRP)
plates by adhesive to the surface of concrete struc-
tural elements have become increasingly popular
for improving their strength and stiffness. However,
these plates are susceptible to debonding prematurely
before reaching the designed strength. The prema-
ture debonding of the plates are mainly caused by the
formation of the critical diagonal shear crack (CDC)
(Swamy et al. 1987), intermediate crack (IC) and plate
end (PE) debonding (Oehlers and Moran 1990). The
degree of strengthening is affected by many factors, of
which, one major factor is the plate-concrete interface
bond strength (interfacial shear strength). Therefore,
a thorough knowledge of bond behaviour of plate-
concrete interface is a prerequisite along with the other
failure mechanisms such as CDC, IC and PE debond-
ing. The paper describes in brief the plate-concrete
interface bond strength tests conducted using metal-
lic and FRP plates and the test results of the beams
strengthened with different types of FRP plates to
study the parameters that controls the intermediate
crack and critical diagonal crack debonding modes.

2 BOND MECHANISM

To determined the plate-concrete interface bond
strength different test schemes have been tried world
over and are classified as: a) double shear pulling

(double pull) test; b) double shear pushing (double
push) test; c) single shear pulling (single pull) test; and
d) single shear pushing (single push) test as shown in
Fig. 1 (Chen et al. 2001). There is no uniformity in
the tests schemes adopted. The bond strength could
be significantly affected by the test method adopted
(Chen et al. 2001). In general, the bending tests over
estimates the bond strength while the shear pushing
test gives the least values. There could be little dif-
ference between the double and single shear pushing
tests, and between the double and single shear pulling
tests.

2.1 Development of design guidelines

The important critical parameters that control the
plate-concrete interface bond strength are; elastic
modulus, tensile strength, width and thickness of the
plate, and tensile strength of concrete. The another
important parameter is the critical bond length (Lb,crit)
which is defined as the maximum length of the bonded
plate beyond which there is no further increase in the
failure load (Pu). From the fundamental single shear
pushing tests (Fig. 1d) that were conducted on differ-
ent types of metallic and FRP plates observed that the
tensile strength of the plate (fp) has an effect on both
the ultimate bond strength as well as on the critical
bond length.

The relationship for the critical bond length Lb,crit
and the ultimate bond strength Pb for a given bond
length Lb are developed (Sharma et al. 2002).

523



Bonded
plates

Bond length

Bond length

Bond length

Bond length

Concrete Pc

Pp

Pp

(a) Double shear pulling test

Pc 

Pp

Pp

Bonded plates

(b) Double shear pushing test

Pc

Pp

Bonded plates

(c) Single shear pulling test

Pc 

Pp
Bonded plates

(d) Single shear pushing test

Concrete

Concrete

Concrete

Figure 1. Shear test schemes.

where x is a non dimensional parameter, and is
given as

The corresponding bond strength Pb,crit for a given
Lb,crit can be deduced from

Pb is always ≤ Ap · fp, where fp = ultimate tensile
strength in case of linear elastic plates like FRP and
yield strength in case of metallic plates and fb is Brazil-
ian tensile strength of concrete, bp is the width of the
FRP plate.

These developed design guidelines are capable of
predicting both the ultimate bond strength (Pb) and
critical bond length (Lb,crit) of beams bonded with any
type of plate with very good accuracy.

3 PEELING MODES

The debonding of the plated beams occur due to the
stress concentrations at the plate ends and those in the
vicinity of flexural and shear cracks in the RC member
that intercept the plate (Mohamed Ali et al. 2001). The
structural engineering mechanisms behind the various
peeling modes, i.e., critical diagonal crack, interme-
diate crack and plate end debonding are discussed by
Oehlers et al. (2003). The failure of the plated beams
due to the axial peeling and the shear peeling of the
external plates are the main concern of this study.

3.1 Axial peeling

In brief the axial peeling of the plates emanates in the
vicinity of the maximum flexure/flexure shear region
and propagates outwards and merges with the already
existing cracks (flexure or flexure and shear or even
diagonal shear cracks) to accommodate the excessive
stresses (strains), which lead to complete debonding
of the plate. The plate debonding cracks propagates
towards the plate ends. The axial peeling controls both
the strength and ductility of the FRP plated beam.

3.2 Shear peeling

The shear peeling mechanism is caused by the rigid
body displacement across the critical diagonal shear
crack due to the applied vertical shear force. The plate
debonding becomes very rapid phenomena due to the
rapid propagation of the debonding crack from the root
of the diagonal shear crack to the end of the plate.
The shear debonding can not be avoided but can be
delayed provided the critical bond length of the plate
is available, from the root of the critical diagonal crack.
It is preferable to terminate the plate near the support
or in the vicinity of the point of contraflexure.

3.3 Test specimens

The basic cross sections of the tension face plated
and side plated RC beams (size 175 mm × 280 mm ×
3400 mm) used in both the studies are shown in Fig. 2a.
Carbon and glass FRP plates of thickness 1.2 mm and
10 mm were used in the tension face plated beams
(Fig. 2b & c), 12 mm thick glass FRP plates in side
plated specimens (Fig. 2d) and 4 mm thick for inclined
strips (Fig. 2e).

The ultimate tensile strength and the elastic mod-
ulus of the carbon FRP plate were 2800 MPa and
165 GPa respectively. Whereas, the glass FRP plates
(10 mm, 12 mm) and 4 mm thickness have ultimate
tensile strength of 300 MPa and 330 MPa respec-
tively and the elastic moduli were, 28 GPa and
41 GPa respectively. The uniaxial cylinder compres-
sive strength ( fc) and Brazilian tensile strength ( fb)
(cylinder of 150 mm dia. and 300 mm length), of the
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Figure 2. Plating schemes.

concrete are shown in Table 1. The specimens were
tested under three point loading. Testing each beam
individually, a total of four tests were performed in the
axial peeling case and ten tests in the shear peeling
case. The shear span to depth ratio (a/d) was kept as 3
in the shear peeling tests.

Table 1. Test results.

Item AP-C-1 AP-G APSG APR

Plate 150 × 150 × – Nil
dimensions 1.2 10
{breadth (mm) ×
thickness (mm)}

Plate – – 105 × 12 –
dimensions
{depth (mm) ×
thickness (mm)}

Compressive 51.6 42 42.4 42.8
strength of
concrete (MPa)

Tensile strength 3.72 4.04 4.40 3.72
of concrete (MPa)

Maximum moment 158.4 173.9 154.0 117.5
at the onset of
plate debonding
(Mmax kNm)

Maximum moment 107.9 103.6 126.5 104.7
at plate
debonding (kNm)

Maximum shear 240 235 225 173.4
load (kN)

Maximum strain 4300 4650 SW-2500 –
in plate at NW-2270
maximum moment
(microstrains)

Maximum strain in 4500 4800 SW-1030 –
plate at debonding NW-950
(microstrains)

Deflection (mm)
(1) at maximum 10.83 11.00 11.0 12.40

applied moment
(2) at debonding 18.30 21.25 16.0 17.14

of plate/failure

The axial peeling tests were designated as AP-C-1,
AP-G, APSG and APR while SPC-1-1, SPC-1-2,
SPC-2-1/S, SPC-2-2, SPG-1/S, SPG-1-2 , SPSG-1,
SPSG-2 and SPR-1, SPR-2 denote the shear peeling
tests. The first two alphabets AP and SP denotes the
axial peeling and shear peeling, the third alphabets C
and G after hyphen stand for carbon and glass FRP
materials plates respectively, SG stands for side plated
beam with glass FRP plates and the numerical values 1
and 2 after hyphen indicate the category of carbon FRP
plates of elastic moduli 165 GPa and 300 GPa respec-
tively.The numerical values 1-1 and 1-2 in shear peeing
tests indicate without and with shear stirrups whereas,
1/S denotes the inclined shear strips.A test on unplated
reference beam in each category (APR&SPR-1, 2)
was also carried out to determine the flexural strength
and the shear strength of the beam with shear stirrups
V = Vus + Vuc and without stirrups Vuc.
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3.4 Tests: axial peeling

The axial peeling test results are shown in Table 1.
The flexural capacity of the tension face plated beams
AP-C-1 and AP-G enhanced by about 34.8% and 48%
over the unplated reference specimen (APR) while in
the case of side plated (APSG) specimen (Fig. 2d), the
moment capacity enhanced in the range of 31%.

The magnitude of the deflection at the maximum
applied moment was decreased by about 11% than the
reference specimen (APR) in all the three tests. How-
ever, at the instance of debonding of the plates, the
deflection in specimens AP-C-1 and AP-G increased
by 6% and 24% than the deflection of the reference
specimen (Table 1).

The magnitude of the maximum-recorded longi-
tudinal strain in the FRP plate varied from 4300 to
4800 microstrains in tension face plated specimens
while in side the plated specimens, it varied from 950
microstrains to 2500 microstrains. From the recorded
magnitude of the longitudinal strains in the plates, it
can be inferred that the FRP plates did not fracture as

470 kN

Figure 5(a).  Final crack pattern of test AP-C-1.

Figure 5(b).  Final crack pattern of test AP-G.

Figure 5(c).  Final crack pattern of test APSG.

APSG

the strain magnitudes were less than the ultimate strain
(16970 and 10714 microstrain). The plates debonded
due to gradual propagation of the debonding cracks
which is exhibited by the gradual drop in the magni-
tudes of the strains and moments in the case of tension
face plated specimens whereas, the rapid fall in the
strain magnitude (Fig. 3) demonstrated the rapid prop-
agation of the debonding cracks. The performance of
the glass FRP plated specimen (AP-G) was experi-
enced comparable with the carbon plated beams as well
as better pseudo-ductile beam behaviour was observed
(Fig. 4). The crack pattern and the failure mode of the
specimens tested in this study are shown in Fig. 5.

3.4.1 Analytical Procedure
The ductility is important because it permits large
deflections which gives warning of failure and more
importantly, permits the redistribution of moments
which is the basic ability of the RC plated beams
to attain design flexural capacity. The assumption
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Figure 5. Stress–strain distribution in different components.

made in the analysis are: (i) strain distribution in the
rectangular RC beam section through-depth remains
linear; (ii) The concrete in the tension zone is assumed
to be ineffective in resisting the internal forces on a
cracked cross-section, (iii) plane section remains plain
after the deformation, and (iv) strains in the concrete
and steel are compatible. However, the force in the
plate Fp is restricted to critical that corresponds to crit-
ical bond strength Pb,crit . Figure 6 shows the strains and
stresses in the plated concrete section.

The strains in the compression concrete (εcc) at
any distance from the neutral axis, compression steel
(εsc), tension steel (εst1, εst2) and strain in plate (εp)
can be determined from the strain compatibility in
terms of the strains in the extreme compression fibre
(εcm). Crushing of concrete is assumed to occur at
compressive strain of 0.0035.

From the corresponding stress–strain relationship,
the forces Fcc in compression concrete can be deter-
mined from the expression proposed by Sebastian
(2002) given as

where dc is the depth of the compression concrete, bw
is the width of web, εcm is the strain in the extreme
compression fibre, Ec and fcu are the, Young’s mod-
ulus and cube compressive strength of the concrete.
The magnitude of the forces in the steel reinforcement
at different levels (Fsc, Fst1 and Fst2) were obtained
from the product of the corresponding stress and cross
sectional area of the reinforcement (Fig. 6c), and the
magnitude of bond strength Pb,crit was computed from
Eq. (3). Now from the equilibrium condition, one can
arrive at the depth of the neutral axis by trial and
error using a simple Excel spreadsheet. The above
procedure can be adopted for the side plated beams
also. From the magnitudes of the forces in the various
components and the magnitude of the corresponding
lever arm, the moments (Mcc, Msc, Mst1, Mst2 and
Mp) can be determined from the equilibrium of forces
to arrive at the axial peeling strength Mpeel or the
ultimate moment capacity of the plated section. The
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Figure 7(a). Moment–curvature relationship of tension face
plated beams.
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magnitude of Mcc was deduced from the expression
given as (Sebastian 2002).

The moment–curvature relationship for the tension
face plated and side plated beams is shown in
Figs. 7 (a)–(b). A large plateau in the case of the
tension face plated beams as shown in Fig. 7(a) indi-
cating the ductile behaviour. The drop in magnitude
with the increased curvature indicates the onset of the
axial peeling crack followed by further drop in the
magnitude of the moment and the corresponding cur-
vature denotes the propagation of the debonding crack.
The steep fall in the magnitude of the moment at con-
stant curvature exhibited the final debonding of the
plates.The moment–curvature relationship for the side
plated beam as shown in Fig. 7(b) reveals the similar
behaviour but the plateau is not as large as it is in the
case of the tension face plated beams.

The same behaviour is nearly revealed by the
moment-deflection relationship (Fig. 4). The maxi-
mum moment capacity (Mpeel) from the present pro-
cedure, i.e., theoretical (Mtheory) and from the tests are
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Table 2. Comparison of axial peeling results.

fc fb Moment Moment
Specimen MPa MPa (Mtheory) kNm (Mtest) kNm

APR 42.8 4.04 N.A 117.5
AP-C-1 51.6 3.72 153.4 158.4
AP-G 42 4.04 150.6 173.9
APSG 42.4 4.4 175.3 151.87
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Figure 8. Shear peeling test results.
C-1-carbon FRP-fp = 2800 MPa, Ep = 165 GPa
C-2-carbon FRP- fp = 1300 MPa, Ep = 300 GPa
G-glass FRP- fp = 300 MPa, Ep = 28 GPa (10-12 mm)
G-glass FRP- fp = 330 MPa, Ep = 41 GPa (4 mm)

presented in Table 2 and they are well comparable with
the test results (Mtest).

3.5 Tests: shear peeling

In this study, the parameters varied were the type of
the plates and the presence or the absence of the shear
stirrups in a tested shear span; this was facilitated by
providing shear stirrups in 3/4th of the beam. The test
results of the beams that were provided with internal
shear stirrups, without internal shear stirrups and those
bonded with external strips are shown in Fig. 8. The
failure of the tension face plated beams without shear
stirrups, occurred due to the formation of a diagonal
shear crack in the vicinity of the tension face plate
end. This crack propagated towards the outer edge of
the load plate and caused the instantaneous peeling off
the external tension face plate along the concrete cover
(Fig. 9a).

Whereas, in the case of beams that were provided
with shear stirrups, the root of the diagonal shear crack
occurred at a distance of about 250–280 mm from the
support (short shear span) which propagated backward
towards the support, i.e., plate end (Fig. 9b). The shear
peeling of the plate was induced by the formation of the
diagonal shear crack along with series of the diagonal
shear cracks.

In case of side plated specimen (Fig. 9c & d), the
plates debonded due to the formation of the diagonal
shear cracks that propagated along the top edge of the
plate parallel to the length of plate towards the plate

(e) SPG-1/S 

(b) SPC-1-2 

(a) SPC-1-1 

 (c) SPSG-1 

Crack propagation 

(d) SPSG-2 

Crack propagation 

Figure 9. Failure mode of specimens.

end. In the case of the beams (SPG-1/S and SP-C-2-
1/S) that were bonded with inclined glass FRP strips
(of size 50 mm wide, 4 mm thick spaced 100 mm cen-
ters) Fig. 9e, the failure was delayed due to the presence
of the side strips. The side strips debonded one after
the other followed by the tension face plate; it was a
rapid failure.
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The test shear peeling strength Vpeel of the spec-
imens that had shear stirrups (SP-C-1-2, SP-G-2 and
SPSG-2) was almost equal to the ultimate shear capac-
ity Vu code (Vu = Vuc + Vus, 189.4 kN, Euro draft
code-2001) except SP-C-2-2, which is 80% of the ulti-
mate shear capacity (Vu code) as shown in Fig. 8. In
the case of test SP-C-1-1, the shear peeling strength
increased to 107.4 kN, which is about 19% more than
that of the reference beam (SPR-1). However, in the
case of the tests SP-C-2-1/S and SP-G-1/S, the shear
peeling strength Vpeel improved by about 59% and 63%
over the reference beam (SPR-1). It is worth noting
that the shear peeling strength of both the specimens
SP-C-2-1/S and SP-G-1/S, is almost same irrespec-
tive of the different types of tension face material used
(Fig. 8) and the shear peeling strength increased in the
range of 33–37% over the tension face plated specimen
(SP-C-1-1).

The shear peeling capacity of the side plated beam
SPSG-1 enhanced by 14% over the reference beam
(SPR-1), which is almost equal to the specimen SP-C-
1-1. On the other hand, the shear peeling strength of the
specimen SPSG-1 is 30% lower than that of the spec-
imens SP-C-2-1/S and SP-G-1/S that had additional
inclined GFRP strips.

The magnitude of the maximum recorded strain in
the tension face plate (ap,max) varied between 10% to
25% of the ultimate strain of the FRP plates except
carbon plated beam SP-C-2-1/S (Ep = 300 GPa).

3.5.1 CDC debonding strength of plated beams
(A theoretical approach)

3.5.1.1 Beams without internal shear
reinforcement

In the case of the beams that are not provided with
internal shear stirrups or where the spacing of the stir-
rups are larger than the maximum spacing as stipulated
by the codes of practice (usually three-fourth of the
effective depth), the plate debonding is induced by the
formation of the critical diagonal crack (CDC) from
the end of the support plate to the outer edge of the
load plate (Fig. 10a). The rigid body displacement due
to the vertical shear across the diagonal crack causes
the plate to detach by a debonding crack that propa-
gate from the root of the diagonal crack to the plate
end, as illustrated in Fig. 10a. The formation of the
critical diagonal crack and the shear debonding crack
occur at the same load level without any visual warn-
ing. Therefore, the shear load required to cause the
shear debonding Vpeel for this case is the shear load at
which the end critical diagonal crack occurs and it is
given by Mohamed Ali et al. (2001) as

Figure 10(a).   Beam without internal shear stirrups. 

critical shear crack h

a

RC BEAM (with stirrups)

Lend

dst

LLb external

LOAD

Figure 10(b).   Beam with internal shear stirrups. 

Critical diagonal shear
crack

P

xcrit

a

tension face plate

h

Lend

b

peeling crack

where a is the shear span, xcrit is the horizontal pro-
jection of the diagonal crack, b and h are the width
and height of the beam, and ftef is the effective tensile
strength of the concrete which is given by

where the units are in N and mm, while fc is the
compressive strength of the concrete.

However, in the case of the side plated beams, the
expression proposed by Mohamed Ali et al. (2001) to
compute the shear peeling strength of the plated beams
can be used.

The shear peeling strength of the beam SPC-1-1
tested in the present study was 93 kN which was com-
puted from the above equations and compares well
with the test strength of 107.4 kN (Fig. 8). The shear
peeling strength of the side plated beam SPSG-1,
obtained from Mohamed Ali et al. (2001) is 106 kN
which is very well comparable with the test value
103 kN.

3.5.1.2 Beams with internal shear reinforcement
The RC beams with shear stirrups are normally
designed to resist a shear load of Vu = Vuc + Vus where
Vus is the shear resistance offered by the stirrups.
However, tests have shown that the CDC debonding
can occur before Vu is realized due to the forma-
tion of shear cracks and the stirrups could not be
stretched fully. This is due to the formation of the
critical shear crack and subsequent development of
the peeling crack at the root of the CD crack. As the
strains in the composite plated section increase due to
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the stress concentrations at the crack tips, the debond-
ing crack gradually propagate outwards towards the
support in the case of simply supported beams or the
point of contra-flexure in the case of continuous beams
Fig. 10(b). The increased strains in the plates and the
associated increased crack width cause the plate to
debond eventually.Therefore, the problem can be visu-
alized as that of the formation of critical shear crack at
a distance of dst (effective depth of the outermost ten-
sion reinforcement) as it is the critical section for shear,
considered in most of the codes of practice. Hence, the
debonding layer of the plated section can be consid-
ered to be of length Lb as indicated in Fig.10(b) and
the corresponding bond strength Pb can be computed
from Eq.(3). Further, the strain in the plate έplate at
which the debonding occurs can be computed from
εplate = Pb/bptpEp, where bp, tp and Ep are the width,
thickness and elastic modulus, of the plate respectively.
The magnitudes of εplate and bond strength Pb can be
used in standard flexural analysis procedures to deter-
mine the moment and hence the shear load at which
the shear debonding occurs.

The shear peeling strength of the beam specimen
SPC-1-2 tested in the present study as computed by
the above procedure is 189.6 kN which is well com-
parable with the test debonding strength of 177 kN
(Fig. 8). Whereas, in the case of specimens SP-
G-2 and SPSG-2, the shear peeling strengths were
193 kN and 197.4 kN respectively which are also
well comparable with the test values 186.7 kN and
187.5 kN.

4 CONCLUDING REMARKS

The shear peeling debonding mechanism in the RC
plated beams without internal shear reinforcement is
an instantaneous process which occurs due to the for-
mation of the critical diagonal shear crack in the
vicinity of the plate ends while, in the case of the
beams with shear reinforcement, the process is similar
but accompanied by a series of diagonal cracks. How-
ever, the axial peeling of the external plate is a gradual
process and provides sufficient warning period prior
to failure. The external FRP strips delayed the shear
peeling of the plate in comparison to beams that were
not provided with internal shear reinforcement. Equa-
tions have been proposed to compute the shear peeling

strength and the maximum moment capacity in the
axial peeling of the strengthened beams by external
plating. The maximum moment that can be sustained
by a plated beam can be estimated from the numerical
analysis by considering the strain compatibility with
respect to the strain in the extreme compression fibre
and restricting the plate stress to σp,crit .
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Prediction models for debonding failure loads of CFRP retrofitted
RC beams

H. Pham & R. Al-Mahaidi
Monash University, Melbourne, Victoria, Australia

ABSTRACT: This study focuses on debonding failure in RC beams with CFRP bonded on the soffit using
wet lay-up method. An experimental study, which involved 26 tests, was carried out. The experiments showed
two failure modes: midspan debond and end debond. The first failure is the result of high bond stress near
the tip of flexure-shear cracks; whereas the second type of failure is due to high shear stress developed in the
weakest concrete layer at tension reinforcement level. The experiment indicates that U-straps can be effective
in preventing midspan debond by limiting opening of flexure-shear cracks. When a U-strap is used as end
anchorage, end debond can also be prevented since concrete shear resistance at tension reinforcement level is
increased significantly. Based on observation from the experiments, two theoretical models are developed and
verified with the experimental data together with a large database of other existing tests.

1 INTRODUCTION

Recently, fibre reinforced polymers (FRP) have been
used to strengthen RC structures. The composites are
bonded externally on the structures to take tensile
stress.This method provides a fast and economical way
of rehabilitation or repair of beams, columns and slabs.
However, FRP tends to debond, which often leads to
a brittle failure. Predicting debond failure loads is
therefore essential before FRP can be safely used.

One of the main applications of FRP is to strengthen
beams in flexure by bonding fibres on the soffit.
Tension in the FRP often results in peeling of the
strengthening material. This debonding phenomenon
is complicated since it is affected by various para-
meters such as beam cracking and stress concen-
trations. There are two main types of debonding
commonly observed in exiting experimental work:
midspan debond and end debond. In the first type of
failure, the FRP is separated first near the middle of
the beam, where flexural or flexure-shear cracks are
present.The second type of failure is when the FRP and
concrete cover are peeled off from the end. Although,
there has been significant amount of research on this
topic, a simple reliable design method which is derived
from the real failure mechanisms and verified with a
large number of tests is still not available.

In this study, the authors attempt to address this
issue. Testing of RC beams is carried out to study the
failure mechanisms and the effect of several impor-
tant parameters.Two simplified methods to predict end
and midspan debond failure loads are proposed. Veri-
fication of the accuracy of those two models are then

carried out using data from the present experiments
together with a database of existing tests.

2 EXPERIMENTS

2.1 Beam testing overview

The experimental study comprises of two test set-ups.
In experimental program No. 1, a total of eigh-

teen RC beams were constructed and tested under
4-point bending (Fig. 2a). Two were control beams and
sixteen were retrofitted with carbon fibre reinforced
fabrics using wet lay-up method.A typical beam cross-
sectional dimensions are shown in Fig. 1. Variables in
the test included the CFRP bond length, the area of
tension reinforcement, the concrete cover, the number
of fibre plies and the amount of shear reinforcement.
Two identical beams were manufactured for each con-
figuration (denoted a and b). The variables are listed in

10 mm dia. stirrups @ 100
mm spacing

12 mm dia. bars

26
0

22
0

46

140

100 CFRP

12 mm dia. bars

Figure 1. Beam E1 cross section.
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Table 1.The beams were divided into two main groups.
The E group had 10 beams retrofitted with a relatively
thick layer of CFRP (6 layers or more). The S group
had 6 beams retrofitted with 2 layers of CFRP. A steel
clamp was used on all beams on one side to force end
debond to the other side.

In experimental program No. 2, the beams were
tested under 3-point bending. A total of 8 tests were
carried out (Table 2). Out of those, four tests were done
on the undamaged side of the beams tested in the first
experiment. Four additional tests were also performed
on newly manufactured beams of similar dimensions
as beam E1. In one test, the beam was not anchored.
In the other seven tests, the beams were anchored
with non-prestressed or prestressed CFRP U-straps.
In the first system, the CFRP strip of 50 mm wide
was simply wrapped and bonded around the sides
and the bottom of the concrete beam near the end of

(a)

(b)

700  700  900  

900700

Steel clamp

Steel beam

U-strap

CFRP

CFRP  

Figure 2. Loading set-up for 4-point bending (a) and 3-point
bending (b).

Table 1. Variables in the experimental program No.1.

Concrete
Beam As cover Af L0
designation (ns × dias) (diasv − s) (mm) (nf × tf ) (mm) U-strap

C1 3 × 12 10−125 20 N/A N/A No
E1 3 × 12 10−125 20 6 × 0.176 150 No
E2 3 × 12 10−125 20 6 × 0.176 350 No
E3 2 × 12 10−125 20 6 × 0.176 150 No
E4 3 × 12 10−125 40 6 × 0.176 150 No
E5 3 × 12 10−125 20 9 × 0.176 150 No
S1 3 × 12 06−125 20 2 × 0.176 150 No
S2 3 × 12 06−90 20 2 × 0.176 150 No
S3 2 × 12 06−125 20 2 × 0.176 150 No

ns × dias: number of tension steel bars × bar diameter (mm).
diasv − s: stirrup diameters (mm) – spacing (mm).
nf × tf : number of plies × ply thickness (mm).
L0: distance from end of FRP to nearest support (mm).

the longitudinal CFRP (Fig. 3b,c). In the second sys-
tem, prestressing was introduced into the sides of the
CFRP strap by inserting a wedge into the gap between
the concrete and CFRP (Fig. 3b,c). The straps were
stressed to around 500 microstrains. The wedge was
bonded to the longitudinal CFRP but not to the ver-
tical CFRP. This provided a mechanism in which the
debond crack and sliding of the longitudinal CFRP can
be minimized. These vertical CFRP straps were either
placed at the CFRP end only or at a spacing of 180 mm
in the shear span.

The concrete was poured in two batches. The first
batch was for six beams S1 to S3. The second batch
was for the rest. The concrete cylinder strength for
the first and second batch on the day of the first test
of the series was 47.7 MPa (82 days) and 53.7 MPa
(67 days), respectively. The properties of steel and
CFRP reinforcement were also measured and listed
in Table 3.

The process of applying CFRP to concrete involved
two main steps: surface preparation and bonding. The
concrete surface was prepared using high-pressure
water jet to remove a thin layer of the paste to
expose the coarse aggregates. The water jet operated
at 4000 psi or 28 MPa. To ensure maximum bond,
MBrace Primer was applied on the surface thor-
oughly with a brush. Bonding operation included resin
under-coating, carbon fibre sheet application and resin
over-coating.

2.2 Test results

The failure loads for all beams are listed in Table 4.
The typical failure modes are shown in Fig. 7 and 8.
In experimental program No. 1, the two control beams
failed by typical steel yielding followed by concrete
crushing.
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Table 2. Variables in the experimental program No.2.

Concrete
Beam As cover Af L0
designation (ns × dias) (diasv – s) (mm) (nf × tf ) (mm) U-strap

E3b2 2 × 12 10−125 25 6−0.176 150 None
E3a2 2 × 12 10−125 25 6−0.176 150 1-N
E1b2 3 × 12 10−125 25 6−0.176 150 1-P∗
E5a2 3 × 12 10−125 25 9−0.176 150 3-P
A1a 3 × 12 10−125 25 6−0.176 150 1-N
A1b 3 × 12 10−125 25 6−0.176 150 3-N
A2a 3 × 12 10−125 25 6−0.176 150 1-P
A2b 3 × 12 10−125 25 6−0.176 150 3-P

1-N one end non-prestressed U-strap.
3-N three non-prestressed U-straps @ 180 mm spacing.
1-P one end prestressed U-strap.
3-P three prestressed U-straps @ 180 mm spacing.
∗the end strap was moved to the right by 60 mm due to unsuccessful prestressing of the first
end strap.

a) Non-prestressed strap b) Prestress-strap

c) Prestressing system details 

concrete

steel reinforcement

CFRP
U-strap

PERSPEX
wedge

duct tape  

CFRP

grooves

no bonding

Figure 3. Two anchorage systems used.

Table 3. Mechanical properties of materials used.

Material E (MPa) FY (MPA) FT (MPA)

Steel ( Y12) 192000 504 599
Steel ( Y10) 204000 334 483
Steel ( Y6) 238000 423 576
CFRP fabrics 209000 – 3900*
Adhesive >3500* – >120*

*given by the manufacturer.

Beams in S series failed either by midspan debond
or combination of both midspan and end debond. S1a
and S1b failed by a combination of midspan debond
and end debond. After steel yielded at a shear load of
around 63 kN, flexure-shear cracks and shear cracks
appeared clearly in shear spans. These cracks widened
up as the load was increased. Concrete fractured simul-
taneously from the unclamped end of CFRP and from
tip of a wide flexure-shear crack near middle of
shear span. Stress was transferred along and crack-
ing propagated toward the middle along the tension
reinforcement level. S2a and S2b failed by midspan
debond. A wide flexural shear crack under the load
point initiated the delamination of CFRP from con-
crete. In S2a, that happened on the clamped side. In
S2b, delamination occurred on the unclamped side.
S3a failed by midspan debond, which first occurred
on the clamped side. S3b failed due to a combination
of midspan and end debond on the unclamped side.

All the beams in E series failed by end debond. All
debonding happened on the unclamped side. The typi-
cal crack development is described here for beam E1a.
Flexural vertical cracks appeared first in the pure bend-
ing region. As the load increased, shear cracks became
visible in the shear span. The end shear crack originat-
ing from the FRP end became visible at 39 kN shear
load level. The shear cracks widened more as the load
increased. The portion of the end shear crack in the
concrete cover layer became more inclined and finally
joined the adjacent shear crack. At 59 kN, this crack
opened further and about 100 mm of FRP was sepa-
rated from the concrete. Similar stress redistribution
described above occurred but since the steel reinforce-
ment had not yielded yet, the response tended to be
more gradual. The debonding crack propagated until
the load reached a peak of 71 kN.
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Table 4. Summary of failure modes and loads.

Exp. max. Predicted max.
Designation Failure modes shear load shear load

Ca Concrete crushing 54.4 50.7
Cb Concrete crushing 53.9 51.7
E1a End debond 70.7 75.6
E1b End debond 74.6 76.7
E2a End debond 51.4 55.7
E2b End debond 53.4 56.2
E3a End debond 66.0 66.2
E3b End debond 65.2 66.0
E4a End debond 79.0 80.0
E4b End debond 61.2 79.5
E5a End debond 63.3 66.4
E5b End debond 63.2 67.6
S1a Midspan & end debond 73.8 70.4
S1b Midspan & end debond 74.5 71.4
S2a Midspan debond 80.4 72.2
S2b Midspan debond 74.5 70.7
S3a Midspan debond 60.3 55.4
S3b Midspan & end debond 60.2 55.5
E3b2 End debond 60.0 66.0
E3a2 Midspan debond & rupture of end strap 75.9 70.5
E1b2 Midspan debond & debond of end strap 98.1 83.6
E5a2 Debond of straps & midspan debond 113.1
A1a Midspan debond & rupture of end strap 94.5 83.6
A1b Debond and rupture of straps & 108.7

midspan debond
A2a Midspan debond & debond of end strap 101.7 83.6
A2b Debond of straps & midspan debond 114.5
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Figure 4. Loading curves of three beams.

In experimental program No. 2, the end U-strap
proved to be effective in limiting end debonding but
not midspan debonding. The strap increased concrete
shear resistance at tension reinforcement level even
after cracks were formed there. Beams E1a2 and E3a2
failed first by sliding of the main FRP underneath the
U-strap followed by midspan debonding.The increases
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Figure 5. Loading curves of anchored retested beams.

in the ultimate capacity as compared to E1a and E3a
are 39 and 15%, respectively.

Midspan debonding can however be prevented by
placing U-straps in the shear span at certain spac-
ing. These straps limited the opening of flexure-shear
cracks. E5a2 failed by debonding of the two U-straps
near the load point from the one side of the beam
followed by midspan debonding.

For beams with non-prestressed straps, sliding
underneath the U-trap also occurred. That sliding
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Figure 7. End debond and midspan debond.

action lead to twisting of the CFRP strap. This was the
reason the strap broke before the longitudinal CFRP
was completely separated from the beam. For beams
with prestressed straps, sliding was prevented.That led
to a slight increase of 5% in the ultimate load (Fig. 6).
The tension in the longitudinal composite was trans-
ferred directly to the two legs of the strap. The legs
were eventually delaminated from concrete surface.

The variations in CFRP longitudinal strain and
interfacial bond stress at different load levels for S1a
and E1a are plotted in Fig. 9 and 10. The strain drops

Figure 8. Failure of beam A1b.

(a)

(b)

0

500

1000

1500

2000

2500

3000

3500

4000

0 250 500 750 1000

0 250 500 750 1000

Distance from end of FRP (mm)

M
ic

ro
st

ra
in

20.1

40.2

60.0

80.0

100.1

120.1

130.3

141.4

Load (kN)

-0.4

-0.2

0

0.2

0.4

0.6

0.8

1

Distance from end of FRP (mm)

St
re

ss
 (

M
Pa

)

20.1

40.2

60.0

80.0

100.1

120.1

130.3

141.4

Load (kN)

Figure 9. FRP strain distributions (a) and interfacial shear
stress distributions (b) in beam E1a.

from the maximum value under the load point to a
zero at the end of the plate. As expected, the maxi-
mum strain level in S beams is much higher than that
in E beams. The bond stress is derived from the FRP
strain distribution using the following equation:
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Figure 10. FRP strain distributions (a) and interfacial shear
stress distributions (b) in beam S1a.

where Ef and tf are FRP elastic modulus and thickness;
εf,i+1 and εf,i are FRP strains and 	L is the distance
between strain gauges. The distributions for E1a show
a clear peak near the FRP end whereas those for S1a
do not have a clear peak in the shear span. This agrees
with the failure modes observed as clear end debond
in E1a and mixed end and midspan debond in S1a.

3 EXISTING EXPERIMENTAL AND
THEORETICAL MODELS

Similar tests were found in literature and listed in
Table 5 (including tests reported here). These beams
failed either by end debond or midspan debond in a
similar fashion as E1a and E1a2.

There have also been numerous models developed
to predict debonding failure load. Summary and veri-
fication of those models have been described in Pham
and Al-Mahaidi (2004). This study has found that the
method recommended by Shehata et al. (2001) is rela-
tively simple and gives conservative prediction for end
debond.This method proposes a limit on the interfacial
bond stress between FRP and concrete to the concrete

Table 5. Experimental studies on FRP retrofitting for flex-
ural strengthening.

No. of No. of
Reference test(s) Reference test(s)

This study (Pham and 21 Garden et al. (1997) 10
Al-Mahaidi)

Pham and 2 Ahmed and Van 8
Al-Mahaidi (2003) Gemert (1999)

Arduini et al. (1997) 4 Beber et al. (1999) 8

Gao et al. (2001) 3 David et al. (1999) 4

Fanning and 4 Hau (1999) 3
Kelly (2001)

Zarnic and 1 Tumialan 7

Bosiljkov (2001) et al. (1999)

Rahimi and 12 Pornpongsaroj and 3
Hutchinson (2001) Pimanmas (2003)

Ritchie et al. (1991) 8 Kishi et al. (2001) 8

Nguyen et al. (2001) 5 Takahashi and 2
Sato (2003)

Quantrill et al. (1996) 3 Valcuende and 4
Benlloch (2003)

He et al. (1997) 2 Chajes et al. (1994) 8

Mukhopadhyaya 1 Sharif et al. (1994) 1
et al. (1998)

Triantafillou and 2
Plevris (1992)

shear stress, which can be taken as 0.3fctm, where fctm
is the concrete tensile strength. For midspan debond, a
more detailed method, as explained in A.2 of fib Bul-
letin 14 (2001), is recommended. Envelop lines of the
applied and resisting tensile forces are needed to be
drawn along the beam.

4 PROPOSED MODELS

4.1 Verification of beam theory

To analyse the strains and stresses in a retrofitted sec-
tion subjected to an applied moment, beam theory
can be utilised based on the basic assumption that the
strain varies linearly along the section from the top to
the bottom fibre. The stress–strain response of FRP
was taken to be elastic-perfectly brittle. The stress–
strain curve for steel was perfectly elastic–plastic with
no strain hardening. Concrete behaviour in compres-
sion was described by a nonlinear stress–strain curve
by Hognestad (1951). Maximum concrete strain was
taken as 0.003. Concrete peak stress was assumed to
occur at a strain of 0.0025. The strain level in steel and
FRP were calculated with the assumption that if the
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Figure 11. Comparison of FRP strain distributions between
experiments and beam theory predictions in E1a (a) and
S1a (b).

applied moment M is greater than cracking moment
Mr, the section is cracked and concrete is effective
only in compression.This is only true at the crack loca-
tions.A better indication of the strain distribution in the
reinforcement along a RC beam is the average strain,
which can be calculated using the method described
in CEB (1985).

Verification of the ultimate load for beams fail-
ing by concrete crushing or FRP rupture has been
described previously in Pham and Al-Mahaidi (2004).
The aim of this study is to verify the application of
beam theory to compute reinforcement strain level at
any applied moment, which is essential for the mod-
els for debonding failure proposed in the next section.
The verification study is based on the measured strain
values from the experiment.

Comparisons of FRP strain distributions for the
tested beams are plotted in Fig. 11.The plots prove that
the method described above can predict the peak FRP
strain level with good accuracy. However, the predicted
FRP strains in the shear span deviate significantly
from the measured values at high loads. This is due to
the presence of shear and flexure-shear cracks. Devia-
tion occurs most clearly when the steel reinforcement
undergoes yielding. For those cases, a more gradual
decrease of the FRP strain is observed (Fig. 11b).

Ffi+1Ffi

PeelingPeeling

Ff0

Figure 12. Failure mechanisms.

4.2 Model derivation and verification for
debonding

The failure mechanisms are illustrated in Fig. 12 for a
RC with sufficient shear strength. It is proposed that
the debond capacity of retrofitted beams are controlled
by two failure criteria. End debond occurs when the
shear stress at the concrete layer near the tension rein-
forcement exceeds the concrete shear strength, which
can be taken as 0.4 fctm, where fctm is direct con-
crete tensile strength. Midspan debond occurs when
the force Ff ,i is large enough to cause peeling of FRP
from concrete.The situation is similar to a simple shear
test, in which FRP is bonded on a concrete block and
pulled on one end until failure. Even though the situa-
tion is slightly different for a flexure-shear crack and a
pure flexural crack, the main cause of debonding is the
same, i.e. due to high interfacial bond stress near the
crack. The maximum pulling force for that test can be
calculated using the formula by Chen and Teng (2001)
as follows:

and bc is the concrete web width; bf , tf and Ef are
CFRP width, thickness and elastic modulus; L is
the bond length and fcm is the concrete compressive
strength. α is a calibration factor to account for any
difference between the behaviour of a beam failed by
midspan debond and a shear-lap specimen failed by
interfacial debond. Despite many similarities, the sit-
uation in a retrofitted beam is much more complex
due to the presence of several factors such as bending
deformation, shear deformation, the presence of ten-
sile steel reinforcement and the assumption of plane
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Figure 14. Comparison between the theoretical models and
experimental results.

section at major cracks. This factor was first used by
Teng et al. (2001). They carried out calibration with
8 beams and 9 slabs and suggested a value of 0.4. How-
ever, calibration with 48 beams in this study shows that
α can be taken as 1.0.

Based on the findings from section 4.1, the CFRP
strain (and therefore the bond stress) distribution along
a simply supported beam can be simplified as in
Fig. 13. It is worth pointing out that the assumption
is only needed to calculate end debond loads. For the
beams tending to fail by this mode, yielding of steel

does not change the slope of the strain distribution
significantly and the assumption is generally valid.

The database described above was used to validate
the models with results shown in Fig. 14 indicating
good agreement. The average of the ratio of the exper-
imental results to the predicted failure loads is 1.06
and 1.09 for midspan and end debond, respectively.
The standard deviations are 16.4% and 18.5%, respec-
tively. Compared with the verification results of other
models, the two proposed models are much simpler
and much more accurate.

5 CONCLUSIONS

Two brittle failure modes in beams retrofitted with
CFRP strips bonded to their soffits were observed.
These are debonding at the end of FRP and debond-
ing at a flexure-shear crack. These failures occurred
due to high shear stress levels developed either at
the end of CFRP or at a tip of a flexure-shear crack.
Two theoretical models are developed based on the
actual experimental observation and some available
expressions. They have been validated and proved to
be reliable.

One effective way of limiting debonding is to pro-
vide CFRP U-straps.These straps can limit end debond
by improving concrete shear resistance at tension steel
level. When placed at certain spacing in the shear
span, midspan debond can also be limited as the
opening of flexure-shear cracks is restricted and the
bond between CFRP and concrete is improved. Pre-
stressed U-straps tend to perform slightly better than
non-prestressed ones.
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Prediction of debonding failure in FRP flexurally strengthened
RC members using a local deformation model
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ABSTRACT: Reinforced concrete (RC) beams and slabs can be strengthened by bonding fibre reinforced
polymer (FRP) composites to their tension face. The performance of such flexurally strengthened members can
be compromised by debonding of the FRP, with debonding initiating near the FRP end or at an intermediate
crack (IC) in the member away from the end of the FRP. Despite considerable research over the last decade,
reliable debonding strength models still do not exist. This paper presents a local deformation model for the
prediction of the latter debonding mode, namely IC debonding. The progressive formation of flexural cracks,
and the associated crack spacings and crack widths are modelled from initial cracking up to debonding. The
bond characteristics between the longitudinal steel reinforcement and concrete, and the FRP and concrete, as
well as the tension stiffening effect of the reinforcement and FRP to the concrete, are considered. The FRP-
to-concrete bond-slip relation is used to determine the onset of debonding and the sensitivity of results to the
bond-slip parameters is investigated. The analytical predictions compare well with experimental results of FRP-
strengthened RC slabs.

1 INTRODUCTION

The flexural strength of reinforced concrete (RC)
members can be increased by bonding fibre rein-
forced polymer (FRP) plates to their tension face.
This method of strengthening has numerous advan-
tages such as offering minimal increase in size and
weight of existing structural members, ease of site han-
dling and excellent corrosion resistance. Considerable
research on this strengthening technique, in particular
application to simply supported beams, has been con-
ducted in the last decade and a comprehensive review
is given in Teng et al. (2002).

Seven main failure modes have been identified from
existing test observations (Teng et al. 2002, 2003;
Smith and Teng 2002a,b) and they are summarised as
(a) flexural failure by FRP rupture, (b) flexural fail-
ure by crushing of compressive concrete, (c) shear
failure, (d) concrete cover separation, (e) plate end
interfacial debonding, (f) intermediate flexural crack-
induced interfacial debonding, and (g) intermediate
flexural shear crack-induced interfacial debonding.
The first three failure modes identified above are sim-
ilar to those in conventional RC beams. Of the above
failure modes, (d) to (g) are unique to plated beams
and are referred to as debonding failures which gen-
erally occur before the ultimate moment capacity or

(a) Intermediate flexural crack-induced
 interfacial debonding

(b) Intermediate flexural shear crack-induced
 interfacial debonding

High stress zone
Crack

Crack propagation

Load

CrackHigh stress zone
Crack

propagation

Load

Figure 1. Debonding failure modes.

shear capacity of the plated beam section is reached.
Debonding that initiates near the plate end is referred
to as plate end debonding and this includes the failure
by concrete cover separation and plate end interfacial
debonding. Debonding that initiates at an intermedi-
ate crack (IC) in the beam and then continues to one
of the plate ends is referred to as intermediate flexu-
ral crack-induced interfacial debonding (Figure 1a) or
intermediate flexural shear crack-induced interfacial
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debonding (Figure 1b). Intermediate flexural crack
induced debonding, which is the failure mode being
investigated in the current study, is believed to be
particularly important for relatively slender mem-
bers, such as slabs, and members strengthened with
a relatively thin FRP plate.

Teng et al.’s (2003) study revealed the limited
progress that has been made to date on IC debonding
strength models. Urgent work is therefore required to
develop reliable and safe IC debonding strength mod-
els. A new method for predicting debonding failures,
namely via a local deformation model, is introduced
herein.

Existing local deformation based models have been
used to investigate the behaviour of FRP strengthened
RC members in tension (Ferretti and Savoia 2003) and
bending (Ceroni et al. 2001, Aiello and Ombres 2003).
Ceroni et al. (2001), Aiello and Ombres (2003), and
Ferretti and Savoia (2003) have proposed non-linear
models based on cracking which take into account the
slip and bond stresses to form a series of non-linear
governing equations that are solved via the finite dif-
ference method. These studies have been confined to
the serviceability range. To date none of these models
have considered failure by debonding and in particular
IC debonding

A local deformation model was developed by
Gravina and Smith (2004) that simulates the flexural
behaviour of FRP flexurally-strengthened RC mem-
bers failing by FRP rupture or concrete crushing. The
current paper reports a modification to Gravina and
Smith’s (2004) model in order to predict IC debond-
ing. A more complete account of the modified local
deformation model is given in Smith and Gravina
(2004). Strains in the FRP and steel reinforcement,
slip between the FRP and concrete substrate as well as
the steel reinforcement and surrounding concrete, and
deflection of the strengthened member are produced
from the local deformation model. Cantilevered RC
slabs strengthened with FRP composites and reported
to have failed by IC debonding, are used to confirm the
accuracy of the local deformation model. Debonding
is based on the FRP-to-concrete bond-slip model. As
generic FRP-to-concrete bond-slip models currently
do not exist, the sensitivity of debonding predictions
to the assumed parameters of the bond-slip relation are
assessed.

2 LOCAL DEFORMATION MODEL

A local deformation model was originally presented
by Gravina and Warner (2003) for predicting the ser-
viceability and ultimate limit state behaviour of RC
beams. The model was later modified to incorpo-
rate externally bonded FRP composites for flexural
strengthening (Gravina and Smith 2004). A summary

of the analytical method for FRP strengthened flexural
members is given below and a more comprehensive
treatment, as well as simplifying assumptions and
governing equations are given in Gravina and Smith
(2004). The local deformation model has been found
to be in good agreement with test results of FRP flex-
urally strengthened beams failing by either concrete
crushing or FRP rupture (Gravina and Smith 2004).

2.1 Method of analysis

The method predicts the local flexural deformations in
a determinate structural member at all stages of load-
ing, from progressive formation of individual cracks
up to ultimate failure either by FRP fracture, con-
crete crushing, or IC debonding. The strains in the
tensile steel reinforcement, FRP strengthening, as well
as the slip between the tensile steel and surrounding
concrete, and FRP and concrete, are evaluated. The
approach allows for global deformations such as rota-
tion capacity and deflections to be determined based
on a non-linear analysis. The model is also suitable for
slabs but from herein beams will only be referred to
as representing flexural members in general.

The analysis proceeds numerically by incrementing
the local tensile steel strain, FRP strain, or concrete
compressive strain at a driver section, chosen to be
the section of maximum moment Msp in the span. At a
particular increment of deformation the moment at the
driver section, Msp, is evaluated using sectional equi-
librium and compatibility requirements. It is assumed
at this section of maximum moment the first flexural
crack will form when the concrete tensile stress at the
steel layer reaches the tensile strength of concrete fct .
Since the beam is statically determinate the moment
distribution along the length of the beam is known, and
the sequence of calculations are as follows:

i. The beam is represented as a number of discrete
blocks bounded by flexural cracks in the cracked
region (Figure 2). In the uncracked region at each
end of the beam the block edges are arbitrarily cho-
sen. The crack positions (i.e. the number of cracked
blocks), are initially assumed to be those from the
previous converged load step.

ii. The distribution of local deformations over the
length of the cracked blocks are evaluated by
considering the behaviour of the tensile steel bar

Slip = 0 Load

Steel Layer

FRP Layer

UncrackedUncracked Cracked

Figure 2. Beam discretisation.
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surrounded by concrete and the FRP plate bonded
to the concrete substrate. For infinite portions of the
block, longitudinal stress equilibrium and slip com-
patibility equations for the steel layer and FRP layer,
coupled together with the material relations and
bond interface laws, are applied. A check is made to
determine whether new cracks have formed, both at
the minimum steel strain position between each pair
of adjacent cracks and at the point of zero slip at the
extremity of the cracked region. If a new crack has
formed the cracked blocks are re-configured for the
new crack and the procedure is repeated.

iii. The block rotations are calculated by integrating
the tensile steel strain and the concrete compressive
strain over the length of the block.

iv. The global deflections and rotations for the beam
are determined by applying the moment-area
theorem.

This procedure is continued until failure of the beam by
fracture of the FRP, concrete crushing, or IC debond-
ing. Concrete crushing occurs when the strain in the
concrete exceeds 0.003 while FRP rupture occurs
when the tensile capacity of the FRP is reached. Inter-
mediate crack induced debonding occurs when the slip
between the FRP and concrete reaches a critical value.
Debonding is therefore dependent on the behaviour of
the interface between the FRP and concrete and will
be further discussed below.

2.2 Bond-slip relationships

In order to model local deformations, the bond-slip
relations between the steel reinforcement and the
surrounding concrete (otherwise known as steel-to-
concrete), and the FRP plating and adjacent concrete
substrate (otherwise known as FRP-to-concrete) are
required. The following is a summary of the bond-slip
relations for the steel-to-concrete and FRP-to-concrete
interface adopted in this study.

2.2.1 Steel-to-concrete bond-slip relation
The bond behaviour between the reinforcing steel and
concrete is modeled using the bond-slip relationship
proposed in CEB-FIP (1993) (Figure 3). This rela-
tion caters for varying degrees of confinement of
the concrete, and a reduction in bond stress near the

Bond Stress

Slip

τmax

τf

S1 S2 S3

Figure 3. Steel-to-concrete bond-slip model (CEB-FIP
1993).

transverse crack implicitly taking into account the
effect of steel yielding.

This bond-slip relation is well established and will
therefore not be discussed further.

2.2.2 FRP-to-concrete bond-slip relation
FRP-to-concrete bond-slip relations are not as devel-
oped as those of steel-to-concrete bond-slip relations.
As a result, considerable research has been under-
taken on developing FRP-to-concrete interface laws
over the past decade or so and a comprehensive review
of such research is given in Yuan et al. (2004). To date
linear, bi-linear and non-linear relations have been pro-
posed which are typically calibrated from the results of
lap-shear tests performed on prismatic concrete spec-
imens. These relations are however generally unique
to the concrete and FRP material and geometric prop-
erties, and concrete surface preparation technique. No
relations developed to date are of such a generic nature
as that of the CEB-FIP (1993) bond-slip relation for
steel-to-concrete.

For the present analysis, the non-linear FRP-to-
concrete bond-slip relation of Savoia et al. (2003) is
used (Figure 4) primarily because the local deforma-
tion model is numerically more stable when using
a continuous bond-slip model. The relationship is
given as:

where τ is the shear stress, s the slip, τmax the peak shear
stress, smax the reference slip (close to the slip corre-
sponding to τmax) and n a free parameter. The values
of the parameters specified by Savoia et al. (2003) are:
τmax = 3.5 f ′

c
0.19 with f ′

c denoting the concrete cylinder
compressive strength, smax = 0.051 mm and n = 2.860.
These values are based on lap-shear test results of
specific concrete strengths and FRP types. Different
values for the reference slip smax will be investigated
in this study (refer to Section 3.2).

2.2.2.1 Debonding
The FRP-to-concrete bond-slip relation is used to dic-
tate the onset of debonding. Debonding occurs when
a critical slip is reached (Figure 4).

debonding

Bond Stress

Slip

τmax

Smax

Figure 4. FRP-to-concrete interface law (Savoia et al.
2003).
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According to Figure 4, just after initial loading
chemical breakdown occurs between the concrete and
FRP with increased interfacial slip and as a result bond
stress increases. Once the peak stress is reached, inter-
facial softening (or micro-cracking) then starts and the
shear (bond) stress reduces with increasing interfacial
slip. For the continuous nonlinear bond-slip relation
adopted in this study (Figure 4) a generic debonding
slip is not known (unless specific lap-shear tests are
undertaken) so debonding is deemed to occur when a
large enough slip is reached such that minimal bond
stress is present. Simulated slips at debonding, based
on assumed values of smax and comparison with test
data, are given in Section 3.2.

Yuan et al. (2004) proposed a bi-linear ascending-
descending bond-slip relation with complete debond-
ing occurring where the descending (softening) portion
of the relation bisected the horizontal axis. The slip to
cause debonding is therefore well defined, however,
this slip is not of a general nature.

Prior to debonding, and considering the same peak
bond stress and peak bond stress slip, the bilinear
bond-slip model ofYuan et al. (2004) and the continu-
ous model of Savoia et al. (2003), offer little difference
in results when incorporated into the local deformation
model (Smith and Gravina 2004).

The peak bond stress τmax, corresponding slip smax,
and slip at debonding sdb are three important variables
that are required to define the shape of the bond-
slip relation and the point of debonding. An important
objective of the current study is to assess the sensitiv-
ity of the local deformation model results to the above
mentioned variables. The values of the variables speci-
fied by Savoia et al. (2003), and given in Section 2.2.2,
serve as a useful basis with which to choose values
to vary.

2.3 Constitutive relations for concrete,
steel and FRP

Figure 5 shows the constitutive material relations
adopted in this study for the steel and FRP. The bilin-
ear relation for steel allows for the strain hardening
slope to be modelled. For steel, fsu is the ultimate ten-
sile strength, fsy is the yield strength and εsu and εsy

fsu ffrp

εfrp

fsy

εsy εsu

Stress

Strain Strain
Steel FRP

Stress

Figure 5. Constitutive material relations.

are the corresponding steel strains. For the FRP, ffrp is
the rupture stress and εfrp is the corresponding rupture
strain. For concrete in compression the Warner (1969)
law is used and for concrete in tension a linear–elastic
relation is adopted. A more comprehensive account of
all constitutive relations is given in Gravina and Smith
(2004).

3 COMPARISON OF ANALYTICAL AND
EXPERIMENTAL RESULTS

Comparisons are made between published test data
and the predictions of the local deformation model for
FRP-strengthened RC cantilever slabs failing by IC
debonding. The details of the test slab are given below
followed by a sensitivity study of the FRP-to-concrete
bond-slip relation parameters in predicting debond-
ing. Comparisons of the load-deflection response to
experimental results as well as predictions of strain
and slip distribution in the FRP and tensile steel at
first cracking and debonding are finally given.

3.1 Experimental data

Tests CP1, CP2, CP3 and CP5 of Yao et al.’s (2002)
study are used in the current study to verify the local
deformation model. Yao et al. (2002) reported the
results of an experimental program on RC cantilever
slabs, strengthened on their tension face with exter-
nally bonded carbon FRP (CFRP) pultruded plates,
and loaded at their free end. The plates were anchored
into the fixed support and all slabs failed by IC
debonding that initiated at a flexural crack in the
peak moment position (support region). Once initi-
ated, debonding rapidly extended to the free end of the
slab. All debonding at the FRP-to-concrete interface
took place in the concrete and this was confirmed by
a thin layer of concrete remaining attached to the FRP
upon debonding.

Geometric and material property details of the test
slabs are given in Figure 6 and Table 1. In Table 1,
bc and D refer to the width and total depth of the
slab respectively, f ′

c the concrete cylinder compressive
strength, ds and As the depth to the internal tension
steel reinforcement from the compressive face and the

D

bc

1100

1000

PFixed
support

FRP

A (initiation of debonding)

Figure 6. Details of test slabs.
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corresponding steel cross-sectional area, and fsy and Es
the yield strength and modulus of elasticity of the steel
reinforcement respectively.The thickness and width of
the FRP is denoted by tfrp and bfrp respectively, while
the rupture strength and modulus of elasticity of the
FRP are denoted by ffrp and Efrp respectively.Also con-
tained in Table 1 are the load to produce debonding
Pdb,exp and the debonding strain in the FRP εdb,exp at
point A (Figure 6). From Table 1 it is evident the main
variables tested in Yao et al.’s (2002) study are the
concrete strength and area of steel reinforcement.

3.2 Sensitivity of FRP-to-concrete bond-slip
relation

A positive feature of Savoia et al.’s (2003) continuous
bond-slip model presented in Section 2.2.2 is spec-
ification of a generic expression for the peak bond
stress. Here the bond strength is expressed in terms
of the concrete strength and is easily determined from
τmax = 3.5f ′

c
0.19, however, bearing in mind this expres-

sion was determined from tests with specific concrete
strengths. As a result, this expression will be used to
account for the change in concrete strength, for want

Table 1. Cantilever slab geometric and material properties (Yao et al. 2002).

Concrete Steel FRP Measurements

bc D ds f ′
c As fsy Es tfrp bfrp ffrp Efrp εdbexp Pdb,exp

Slab (mm) (mm) (mm) (MPa)a (mm2) (MPa) (GPa) (mm) (mm) (MPa) (GPa) (µε) (kN)

CP1 301.5 150.5 117.4 27.0 314 343 208 1.2 50 2800 165 5420 19.95
CP2 303.6 151.9 111.3 37.7 314 343 208 1.2 50 2800 165 4298 17.58
CP3 302.7 150.0 108.2 12.6 157 343 208 1.2 50 2800 165 5240 13.31
CP5 304.0 149.0 117.4 24.6 157 355 210 1.2 50 2800 165 3761 10.11

a Converted from tested cube strength using f ′
c = 0.8 fcu

Table 2. Summary of experimental and analytical results.

Experimental Simulation
Peak bond

εdb,exp Pdb,exp stress slip, εdb,sim Pdb,sim sfrp,sim
Slab (µε) (kN) smax (mm) (µε) (kN) (mm)

CP1 5110 19.95 0.03 4430 20.9 0.132
0.065 5110 20.9 0.858
0.09 5110 20.9 0.74

CP2 4298 17.58 0.03 4330 19.2 0.628
0.065 4330 19.2 0.494
0.09 4330 19.2 0.328

CP3 5240 13.31 0.03 5150 13.5 –
0.065 5150 13.5 1.45
0.09 5150 13.5 1.38

CP5 3761 10.00 0.03 3700 12.4 0.69
0.065 3700 12.4 0.6
0.09 3700 12.4 0.3

of a better relationship, although the slip correspond-
ing to the peak bond stress smax as well as the slip
corresponding to debonding sdb will be varied.

A sensitivity study is therefore undertaken on smax
and sdb. After specifying a value for smax the local
deformation model analysis is undertaken and stopped
when the predicted strain in the FRP equals (approx-
imately) the experimental debonding strain, εdb,exp
measured at point A (Figure 6). The corresponding
simulated slip when the analysis is terminated sdb,sim
is obtained from the local deformation model’s results
and this slip corresponds to the simulated point of
debonding. Table 2 gives a summary of experimental
debonding strain and load (as repeated from Table 1)
and associated simulated debonding strain εdb,sim load
Pdb,sim and slip sdb,sim.

Based on the results presented in Table 2, the maxi-
mum slip value at debonding sdb,sim decreased with an
increase in the concrete compressive strength. This is
a reflection of the relation between maximum bond
stress and concrete strength (i.e. τmax = 3.5 f ′

c
0.19).

The experimental strain could not be matched in the
simulation for smax = 0.03 mm in slab CP1 since insuf-
ficient bond strength was mobilised. In addition, when
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Figure 8. Tensile strain distribution (first cracking).

considering the slabs independently, an increase in the
peak slip at peak bond stress produced a reduction
of the maximum slip value at debonding suggesting
that a bond-slip relation for the FRP-to-concrete inter-
face with a larger area under the ascending branch will
produce less slip at debonding.

Based on the results presented in Table 2 for Slab
CP1, smax = 0.065 mm and sdb = 0.8 mm will be used
to produce plots of the load-deflection response as well
as distribution of strain and slip in the FRP and steel
along the length of the slab.

3.3 Load – deflection

Figure 7 compares the simulated and measured load
versus deflection beneath the applied load point
response for the test cantilever slab CP1. For the simu-
lation, the theoretical cracking load used in the analysis
was matched to the experimental value of approxi-
mately 6 kN and a more detailed explanation of the
treatment of the first cracking point in the analysis
is given in Gravina and Smith (2004). According to
the experimental results the peak load was reached
at 20.0 kN with a maximum deflection of 21.5 mm in
comparison to simulation results of 21.2 kN peak load
and maximum deflection of 18.8 mm. Good correla-
tion generally exists between theory and experiments
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although some deviation occurs prior to debonding
with a smaller predicted deflection at debonding.

3.4 FRP and steel strain – distance from plate end

Figures 8 and 9 show the distribution of strain in the
steel and FRP along the length of the slab based on the
load to cause first cracking and the debonding load
respectively for slab CP1. The horizontal axis denotes
the distance from fixed end of the slab.

The position of the cracks can be seen in Figure 8
and these positions are identified by the four peaks.
The strain in the FRP is maximum at the crack posi-
tion. Here the tensile strain in the slab is resisted solely
by the FRP. The strain in the FRP between the cracks
decreases as both the FRP and concrete resist the
tensile strains (otherwise known as tension stiffening).

Figure 9 shows a region of high localized strain
in the FRP within a distance of 400 mm from the
fixed support to be considerably larger than the steel
signifying bond breakdown of the FRP-to-concrete.

3.5 FRP and steel slip – distance from plate end

The slip between the FRP and concrete at a load cor-
responding to first cracking and debonding is shown
in Figures 10 and 11 respectively for slab CP1. At the
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crack locations the slip between the FRP and concrete
is a maximum. The slip varies from a maximum at the
crack to zero, away from the crack.The direction of slip
changes direction either side of a crack as expected. At
debonding the slip in the FRP is predominantly in the
same direction as opposed to that of the steel suggest-
ing significant breakdown of bond between the FRP
and concrete.

4 CONCLUSIONS

A local deformation model has been presented in this
paper. The model considers local flexural deforma-
tions in a determinate structural flexural member at
all stages of loading, from progressive formation of
individual cracks up to debonding failure. The model
predicts the strains in the tensile steel reinforcement,
FRP strengthening, as well as the slip between the
tensile steel and surrounding concrete and FRP and
concrete substrate.The approach also allows for global
deformations such as rotation capacity and deflections
to be determined. The model correlated reasonably
well with test data.

Debonding is governed by the bond-slip behaviour
of the FRP-concrete interface. Despite considerable
research undertaken on the development of bond-slip
models to date, further work is still needed to develop
a generic model.

ACKNOWLEDGEMENTS

The authors wish to thank the University of Techno-
logy, Sydney and RMIT University for the financial
support provided through 2003/2004 ATN Research
Staff Exchange Scheme Grants awarded to each
author.

REFERENCES

Aiello, M.A. & Ombres, L. 2003.A model to predict the struc-
tural behaviour of reinforced concrete beams strength-
ened with externally bonded composite sheets. In M.C.
Forde (ed.), Tenth International Conference and Exhibi-
tion on Structural Faults and Repair-2001; Proc. (CR
Rom) intern. symp., London, UK, 1–3 July 2003.

CEB-FIP. 1993. Model Code for Concrete Structures, CEB
Bulletin d’Information, Comitè Euro International du
Bèton, Lausanne.

Ceroni, F., Manfedi, G. & Pecce, M. 2001. Crack widths
in RC beams strengthened with carbon fabrics. In C.J.
Buygoyne (ed.), Fifth International Conference on Fibre-
Reinforced Plastics for Reinforced Concrete Structures,
FRPRCS-5; Proc. intern. conf., Cambridge, UK, 16–18
July 2001: 917–926. Thomas Telford.

Ferretti, D. & Savoia, M. 2003. Non-linear model for R/C
tensile members strengthened by FRP-plates. Engineering
Fracture Mechanics 70: 1069–1083.

Gravina R.J. & Warner, R.F. 2003. Local deformation model
for reinforced concrete members in flexure. Australian
Journal of Structural Engineering 5(1): 29–36.

Gravina, R.J. & Smith, S.T. 2004. Prediction of FRP-
strengthened RC beam behaviour using a local deforma-
tion model. in prep.

Savoia, M., Ferracuti, B. & Mazzotti, C. 2003. Non-
linear bond-slip law for FRP-concrete interface. In
K.H. Tan (ed.), Sixth International Symposium on FRP
Reinforcement for Concrete Structures, FRPRCS-6; Proc.
intern. symp., Singapore, 8–10 July 2003: 164–172. World
Scientific Publishing Company.

Smith, S.T. & Teng, J.G. 2002a. FRP-strengthened RC struc-
tures. I: Review of debonding strength models. Engineer-
ing Structures 24(4): 385–395.

Smith, S.T. & Teng, J.G. 2002b. FRP-strengthened RC
structures. II: Assessment of debonding strength models.
Engineering Structures 24(4): 397–417.

Smith, S.T. & Gravina, R.J. 2004. Prediction of debonding
in FRP-strengthened RC beams using a local deformation
model. in prep.

Teng, J.G., Chen, J.F., Smith, S.T. & Lam, L. 2002.
FRP-Strengthened RC Structures. John Wiley & Sons.
Chichester, West Sussex, UK.

Teng, J.G., Smith, S.T., Yao, J. & Chen, J.F. 2003. Interme-
diate crack-induced debonding in RC beams and slabs.
Construction and Building Materials 17(6–7): 447–462.

Warner R.F. 1969. Biaxial moment thrust relations. Journal
Structural Division, ASCE 85(St5): 923–940.

Yao, J., Teng, J.G. & Lam, L. 2002. Debonding in RC can-
tilever slabs strengthened with FRP strips. In R.A. Shenoi,
S.S.J. Moi and L.C. Hollaway (eds.) Advanced polymer
composites for structural applications in construction;
Proc. intern. conf., Southampton University, UK 15–17
April 2002. Thomas Telford.

Yuan, H., Teng, J.G., Seracino, R., Wu, Z.S. & Yao, J. 2004.
Full-range behaviour of FRP-to-concrete bonded joints:
A closed form analytical solution. Engineering Structures
26: 553–565.

547





Shear and torsional strengthening of concrete beams





FRP Composites in Civil Engineering – CICE 2004 – Seracino (ed)
© 2005 Taylor & Francis Group, London, ISBN 90 5809 638 6

Torsional strengthening of reinforced concrete beams using
CFRP composites
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Department of Civil Engineering, Monash University, Victoria, Australia

ABSTRACT: The construction boom over the last century has resulted in a mature infrastructure network in
developed countries. Lately, the issue of maintenance and repair/upgrading of existing structures has become
a major issue, particularly in the area of bridges. Fiber Reinforced Polymer (FRP) has shown great promise as
a state-of-the-art material in flexural and shear strengthening as external reinforcement, but information on its
applicability in torsional strengthening is limited. No numerical modelling work currently exists in literature.
The need for torsional strengthening in bridge box girders is highlighted by the Westgate Bridge, currently the
largest bridge in the world to be strengthened through the use of externally-bonded FRP laminates. This paper
provides details on preliminary work investigating the torsional strengthening of solid reinforced concrete beams
with externally-bonded CFRP laminates, through experiments and finite element modelling.

1 INTRODUCTION

The maturing of Australia’s and other countries’
bridging infrastructure has accelerated rapidly in the
last century. However, times have changed, result-
ing in increased service loading and traffic volumes,
diminished capacity through aging and environmen-
tal degradation, more stringent updates in design code
regulations, and the need for seismic retrofit in some
parts of the world. Other possible deficiencies in a
bridge structure could be improper design, construc-
tion or maintenance. One new class of structural mate-
rial known as Fiber Reinforced Polymer (FRP) has
come up for its high tensile strength and in-plane stiff-
ness, excellent corrosion resistance, linear behaviour
to failure and light-weight (about one-quarter of steel’s
density) characteristics, all advantages over steel in
traditional rehabilitation methods.

Use of FRP has shown promise in the area of
strengthening and rehabilitation of structures, and has
been used successfully in many applications around
the world. Research into the use of FRP has shown
great promise in flexural and shear strengthening as
externally-bonded reinforcement, but information on
its applicability in torsional strengthening is limited
(Hii and Al-Mahaidi, 2004). Many buildings and
bridge elements are subjected to significant torsional
movements that affect the design. Such examples
include spandrel beams in buildings, beams in eccen-
trically loaded frames of multi-deck bridges and
box-girder bridges. The need for strengthening for
increased torsional capacity may be required in these

areas. A good example of this is the Westgate Bridge
in Melbourne, Australia, currently the largest bridge
in the world to be strengthened by FRP (Gosbell and
Meggs, 2002); where due to lack of supporting guide-
lines the effective FRP strain at ultimate limit state for
torsion was taken to be identical to shear. No numerical
modelling work in the area of torsional strengthening
with FRP currently exists in literature. The paper dis-
cusses the preliminary work carried out so far in an
overall investigation of torsional strengthening of solid
and box-section reinforced concrete beams with CFRP.

2 EXPERIMENTAL STUDIES

2.1 Experimental program

2.1.1 Specimen geometry & design
Three identical 2700 mm long reinforced-concrete
beams of 140 × 260 mm deep cross-section were con-
structed. In the test, torsion was applied to the middle
1500 mm section of the beam. All three specimens
were cast from the same batch of concrete. The aver-
age compressive strength of concrete on the day of
testing (63 days) was 51.3 MPa.The internal steel rein-
forcement layout was identical for all three beam
specimens. Two 12 mm diameter bars were used for
the top compression steel, while the bottom tensile
steel comprised of three 12 mm diameter bars. All stir-
rups were 6 mm in diameter. The spacing of stirrups
in the test zone was 120 mm, while the spacing was
narrowed to 60 mm to avoid unwanted failure outside
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Table 1. Steel reinforcement properties.

Reinforcement Stirrups Longitudinal
properties φ6 mm φ12 mm

Area (mm2) 28.3 113.1
Young’s modulus (MPa) 222000 216000
Yield strength (MPa) 450 600
Ultimate strength (MPa) 514 733

(a) (b)

Figure 1. (a) Cross-section dimensions of beam specimens.
(b) Side elevation of half of concrete beam.

Figure 2. CFRP layout of strengthened Beams F1 and F2.

the test zone. Details of the steel reinforcement prop-
erties tested can be found in Table 1. The concrete
cover was 20 mm thick all around. The dimensions of
the beams and the reinforcement details are shown in
Fig. 1. All three beams were designed according to
AS3600-2001 (SAI, 2001) to be deficient in torsion
under new loading requirements.

The first beam, C1, was designated as the control
beam, where no CFRP strengthening scheme was pro-
vided. The second beam (F1) was strengthened with
50 mm wide CFRP single layer hoop strips spaced at
195 mm (0.75D) (D – full depth of beam) centres.
50 mm wide CFRP single layer hoop strips spaced at
130 mm (0.5D) centres were used to increase the tor-
sional capacity of the third beam F2. The wrapping
patterns and CFRP layout details are summarized in
Fig. 2.

For this experiment, the CFRP sheets and epoxy
resins were supplied by Master Builder’s Technologies

Table 2. Specification of CFRP sheet used.

MBrace CF 130 (S&P C-sheet 240, high tensile CF)

Fibre reinforcement Carbon – high tensile
Fibre density 1.7 g/cm3

Fibre modulus 240 GPa
Fibre weight (CF) 300 g/m2

Thickness 0.176 mm
Tensile strength 3800 MPa
Tensile elongation, ultimate 1.55%

Figure 3. Schematic of test setup.

(MBT, 2002), as shown in Table 2. The wet lay-up
method was used to apply the CFRP sheets onto the
beam, following procedures recommended by MBrace
Application Guidelines (MBT, 2003). Because the
CFRP strips were required to run in a transverse direc-
tion, the beam edges were chamfered with an angle
grinder to a radius of at least 15 mm. This was to pre-
vent any sharp corners that would contribute to the
reduction of fiber strength. A 150 mm overlapping
length of strip was applied in the longitudinal fiber
direction on top of the beam to prevent debonding.
To ensure the quality of epoxy bond of the fibers to
the concrete surface, a pullout test was carried out on
each specimen, which was satisfied. Failure occurred
in the concrete adjacent to the adhesive-to-concrete
interface, with an average tensile strength of 4.3 MPa.

2.1.2 Test rig
The test rig is as shown in Figs. 3 and 4, which is very
similar to the test setup employed by Ghobarah et al.
(2002). Two SHS (Square Hollow Section) beams,
which act as lever arms to apply the torsional moments,
were attached to the concrete beams at a distance of
1.5 m from each other. A steel I-beam was laid down
diagonally resting on hinged end supports (750 mm
eccentricity from centreline of beam) on top of the
lever arms. The I-beam was loaded at mid-span by a
250 kN capacity Instron hydraulic jack with 250 mm

552



Figure 4. Side view of Beam F2 positioned in the test rig.

stroke capacity. Two spherical seats were fashioned for
the end supports for the beam specimen. Both were free
to move longitudinally to allow for beam elongation
and allow the beam to twist freely under torque.

2.1.3 Instrumentation
An Instron load cell was used to measure the applied
forces in the Instron hydraulic actuator. Load cells
were placed at the end supports to measure the ver-
tical reaction forces. The measurements also provided
an easy way to verify the assumption of symmetry
about the midspan of the beam. Later experimentation
showed that the variation between both load cells was
within 4% for all three specimens, which was deemed
to be acceptable. For ease of attachment, inclinometers
were placed on the ends of beam specimens to measure
the rotation of each lever arm, in addition providing a
quick check for symmetry, which was found to give
very similar readings. In all three beam specimens,
electrical resistance strain gauges were placed at spe-
cific locations on the stirrups and longitudinal bars,
and in the middle of the CFRP strips along the fiber
direction to obtain strain distributions to be compared
with numerical modelling results. All measurements
were recorded with a computer controlled data acquisi-
tion system at three second intervals. Before beginning
the test, a noise test was carried out to ensure all
the instrumentation was working with no significant
fluctuations in readings. Loading was displacement
controlled. Finally, the crack width at the surface
was measured using a micrometer with an accuracy
of ±0.01 mm.

2.2 Experimental results

2.2.1 Cracking and ultimate strength
The strengthening effects of CFRP hoop strips are evi-
dent from the torque-rotation graphs for Beams C1,
F1 and F2 in Fig. 5 and Table 3. Increases in crack-
ing strength of up to 21.4% were achieved with the
strengthened specimens. The spacing of strips was
found to play a significant role in cracking torque.
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Figure 5. Comparison of torque–rotation graph (C1,
F1, F2).

Table 3. Summary of cracking and ultimate strength.

Beam C1 Beam F1 Beam F2

Cracking strength (kN.m) 5.1 5.6 6.2
Percentage increase (%) – 9.2 21.4
Twist at cracking 0.12 0.18 0.17
Load (◦)

Ultimate strength (kN.m) 9.1 11.4 13.4
Percentage increase (%) – 25.2 46.6
Twist angle at 2.69 3.19 3.97

ultimate load (◦)

Maximum twist (◦) 5.18 5.31 4.15

This can be attributed to the effect of confinement from
the CFRP strips. Beam C1 reached an ultimate torque
of 9.1 kN.m and exhibited ductile behaviour. Beam
F1 achieved a greater ultimate torque of 11.4 kN.m.
Beam F2 had the largest ultimate torque of 13.4 kN.m
with less ductile behaviour. It can be seen from Fig. 5
that an increase in post-cracking stiffness was achieved
with the reduction in spacing of CFRP strips, leading
to greater ultimate torsional strength. It was observed
that the post-cracking stiffness was more linear until
failure with the addition of CFRP strips, reflecting the
linear elastic properties of CFRP. The smaller spacing
in Beam F2 almost doubled the percentage increase
in strength compared to F1 (46.6% versus 25.2%). As
the spacing of the strips becomes smaller, the propa-
gation and widening of cracks intersecting the CFRP
strips are inhibited, and the increase in effective con-
finement provided by full strips will result in greater
post-cracking stiffness. Also the externally bonded
FRP laminates prevented cover spalling, thus utilizing
the entire concrete cross-section in enhancing torsional
strength.

2.2.2 Failure mode
Beam C1 failed through concrete spalling as shown in
Fig. 6. This was the expected failure mode according
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Figure 6. Concrete cover spalling in Beam C1.

Figure 7. CFRP rupture in Beam F1.

Figure 8. CFRP rupture in Beam F2.

to Rahal’s (2000) work. In Beams F1 and F2, failure
occurred through rupture of the CFRP strips as shown
in Figs. 7 and 8 respectively. The extra overlapping
of fibers in the full strip wrap prevented the debond-
ing mechanism from developing. Also, the specimens
were designed to limit the amount of CFRP used to pre-
vent crushing of inclined compressive concrete struts.
By using only one layer of CFRP, the tensile stress in
the fibers reaches a sufficiently high level for rupture
to occur.

2.2.3 Crack pattern
Approximately 1.5 full spiral cracks formed during
failure in Beam C1, with the majority of cracks form-
ing near the area of concrete spalling. Substantial
cracking occurred in the unwrapped space between

Table 4. Inclination angle and widths of spiral cracks.

C1 F1 F2

Crack width at area of failure (mm) 2.3 1.8 1.5
Average crack width (mm) 1.5 1.0 0.6
Average inclination angle of 43 46 55

cracks (◦)
Inclination angle of failure 43 46 60

crack (◦)

Table 5. Comparison of CFRP strains.

CFRP strain value (microstrains) F1 F2

Experimental maximum strain 12300 7800
Manufacturer’s maximum strain 15500 15500
Percentage difference (%) 20.6 49.7

strips in Beams F1 and F2, with the larger cracks form-
ing near the area of CFRP rupture. It was found that
the addition of CFRP strips has resulted in more uni-
formly distributed and closely spaced torsional cracks.
Further details can be found in Hii and Al-Mahaidi
(2004). As the spacing of the strips narrowed, the
widening of cracks intersecting the strips was reduced
as shown inTable 4, where the crack widths were found
to steadily decrease with smaller strip spacings. With
smaller crack widths, greater aggregate interlock
and post-cracking shear stiffness will be achieved
in the concrete material, resulting in higher ultimate
strengths due to greater concrete contribution. Of
interest to note is that the inclination angle of spiral
cracks increases with the smaller spacing of CFRP
strips, as shown in Table 4. This could be attributed
to the addition of CFRP strips, increasing the ratio of
transverse to longitudinal reinforcement.

2.2.4 Maximum CFRP strain
The maximum strains in CFRP strips for specimens F1
and F2 can be found in Table 5. In Beam F1, the max-
imum local strain measured in the CFRP strip along
the fiber direction was 12300 microstrains, close to
the ultimate strain of 15500 microstrains. It was noted
that the strain gauge was very close to where rupture
of CFRP occurred (Fig. 7). For Beam F2, the maxi-
mum local strain measured in CFRP strip was 7800
microstrains, lower than in Beam F1. The reason for
this is because none of the cracks formed happened to
pass exactly through any of the CFRP gauges’location.
This reflects the linear elastic property of FRP where
the FRP strain is closely related to the crack width.

The much lower strain reading recorded in F2 com-
pared to F1 reflects the lack of ductility in FRP
composites.As discussed by Chen andTeng (2003), the
inability for FRP composites to redistribute stresses
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means that not all the strips intersecting the failure
crack will develop ultimate strain at failure, hence
the much lower strain values recommended by design
guidelines such as FIB-14 (FIB, 2001). The slightly
lower values recorded in F1 may be due to the ultimate
strain developing at the side of the strip at rupture,
while the strain gauge is located in the middle. This
makes physical sense, as crack propagation will be
halted at the side of the strip, resulting in a non-uniform
stress distribution across the CFRP strip. This non-
uniformity of stress distribution and lack of ductility
means that the failure process will start once the most
highly stressed point in the CFRP reaches ultimate ten-
sile strength. This brittleness of FRP composites is a
fundamental behavioural difference between steel and
FRP reinforcement.

3 NUMERICAL STUDIES

DIANA v8.1 FE software (Witte and Kikstra, 2002a),
was used to model the experimental specimens in the
aforementioned section.

3.1 Finite element analysis

A general methodology was developed to systemati-
cally model the experimental specimens. In the first
stage, three different base models with a given set of
material properties for C1, F1 and F2 were developed
to verify if the experimental behaviour of the control
beam C1 could be simulated accurately. The different
base models were needed due to the slightly differing
geometric requirements from the location of CFRP
strips. In the next stage of modelling, external CFRP
reinforcement was added to the base models to verify
if simulation of experimental behaviour of Beams F1
and F2 was possible, and to identify the limitations
involved due to the assumptions made during mod-
elling. Finally, parametric studies were carried out on
Beams F1 and F2.

3.1.1 Conceptual stage
Due to the nature of the torsional problem, the model
was generated with mainly three-dimensional ele-
ments, as there were out-of-plane as well as in-plane
forces. Only one half of the whole beam specimen
about the centreline at mid-span was modelled since
the cross-sectional geometry, boundary conditions and
loading were assumed to be symmetrical, which was
verified in the experiments. This significantly reduced
the computational time and resources in numerical
analyses. Fig. 9 illustrates the generated FE model,
where eight-node isoparametric solid brick elements
(HX24L) were used for concrete. 10 by 6 over the depth
and width, and approximately 40 brick elements along
the length were used in the model. A refined mesh was
used in the zone under torsion.

Figure 9. FE mesh of base models for F2 (hidden view).

Figure 10. Boundary conditions imposed on FE model.

CFRP sheet strips were modelled using four-
node quadrilateral isoparametric plane stress elements
(Q8MEM). Due to the minimal thickness of the single
layer used, it was safe to conclude the strips have a very
low bending stiffness. It was also assumed that out-
of-plane forces were negligible, as loading and forces
carried by the strips were mainly in-plane. For the rea-
sons above, the aforementioned plane stress element
was suitable for the model. Perfect bond between the
CFRP strips and concrete layer was assumed.

The SHS lever arm and loading plates were mod-
elled with four-node quadrilateral isoparametric flat
shell elements (Q20SF). The high width/depth ratio of
the loading plates and lever arm make the flat shell ele-
ments particularly well suited for the task. Steel bars
were modelled individually as embedded reinforce-
ments in the concrete elements.

3.1.2 Boundary conditions
For the end support a pivot point was placed at mid-
point (Fig. 10), which is fixed in the lateral and vertical
directions, but unrestrained in the longitudinal direc-
tion to allow elongation/shortening of the beam under
applied torque. To counter localized concrete crushing
at the pivot point (which did not appear in experi-
ments), the concrete brick elements around the support
were given linear elastic properties. At mid-span, the
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Table 6. Basic properties of the concrete material model.

Properties Values

Mean compressive strength, fcm (MPa) 51.3
Young’s modulus, Ec (MPa) 36211
Tensile strength, f ′

t (MPa) 2.15
Poisson’s ratio, ν 0.2

beam cross-section’s surface was constrained so there
is no movement in the longitudinal and lateral direction
to reflect the plane of symmetry at mid-span. Loading
on the specimen was achieved by displacement of the
point load on the lever arm.

3.1.3 Material models
Concrete cracking was based on the smeared crack
approach.The “FixedTotal Strain Crack model” (Witte
and Kikstra, 2002b) was selected as the constitutive
model for concrete, which describes the tensile and
compressive behaviour of a material with one stress-
strain relationship. Young’s modulus was determined
in accordance with the Australian Standard AS3600-
2002 (SAI, 2001). Further discussion on the concrete
tensile strength can be found in Section 3.2.1. Poisson’s
ratio was taken to be 0.2. The basic material properties
are summarized in Table 6.

The hardening and softening of concrete in
compression was chosen to be modelled using the
Thorenfeldt function. The influence of lateral crack-
ing & lateral confinement on compressive strength
was determined using the model according to Selby
and Vecchio (1993). In tension, the behaviour is based
on a bilinear stress–strain relationship. The remaining
shear stiffness of cracked concrete due to aggregate
interlock is approximated with the shear retention
factor, which is the proportion of the elastic shear mod-
ulus. For the total strain orthogonal crack models, only
the constant shear stiffness can be modelled.

The CFRP sheet was modelled as an orthotropic lin-
ear elastic material. Limitations in the software pack-
age do not allow us to model cracking in orthotropic
materials. This was overcome by examining the strain
level in the CFRP strips, where failure by FRP rup-
ture would be deemed to have occurred when the
ultimate strain (15500 microstrains) is reached. The
CFRP properties used can be found in Tables 2 and
7. The Young’s modulus in the lateral direction was
assumed to be 10 percent and shear modulus assumed
at 5 percent of the Young’s modulus in the longitudi-
nal direction, due to the unidirectional property of the
CFRP strip. These figures were adapted for numerical
stability in numerical modelling. With a small width
to length ratio, the effect on the beam will be confined
to localised regions where the strips were bonded, lim-
iting their effect on the overall behaviour of the beam.
Also, because the CFRP strips are mainly loaded in the

Table 7. Comparison of ultimate strengths for varying shear
retention factors in Set B – NLFEA (base model C1).

Shear Ultimate Percentage of
retention torque experiment

Set B factor (kN.m) (%)

B-C1-1 0.125 9.56 104.9
B-C1-2 0.100 9.23 101.3
B-C1-3 0.075 8.65 95.0

Exp C1 – 9.1 –

longitudinal direction, the contribution in lateral and
shear stiffness of the CFRP strips can be assumed to
be negligible.

The steel reinforcement in the numerical models
was taken to be a linear elastic isotropic material up
until the yield point (Table 1). Yielding of the rein-
forcement was based on the Von Mises yield criterion
with strain hardening. Both the lever arms and loading
plates were assigned linear elastic properties to speed
up the computation time. Non-linear properties were
deemed unnecessary as it was designed to reach 50%
of yield strength under maximum loading.

3.2 Results of non-linear finite element analyses

Five different sets of non-linear FE models were run,
namely set A, B, C, D and E. The material models
mentioned in previous sections were used throughout
all the sets. Each run was named in a systematic man-
ner, for example in C-F1-1, the first letter C stands
for the set number, F1 for the specimen the model is
simulating, and 1 for the number run within the set.

3.2.1 Beam C1 – unstrengthened base model
In Sets A and B, the objective was to determine the
optimum concrete material properties to be used in
the base models for C1, F1 and F2. In Set A, the
objective was to simulate the experimental cracking
strength in Beam C1 as accurately as possible.This was
achieved by varying the tensile strength of the concrete
material between the ranges of 0.3

√
f ′
c and 0.7

√
f ′
c , a

range generally found in most design codes. A tensile
strength of 0.3

√
f ′
c was chosen as the most appropriate,

and is the recommended value for web-shear cracking
by AS3600-2001 (SAI, 2001). However, the cracking
strength was not modelled very well, with a difference
of 46% with the lowest tensile strength (A-C1-4). This
may be due to shrinkage effects in the specimens.

The purpose of Set B was to determine the optimal
shear retention factor for the FE model to simulate
the experimental ultimate strength in Beam C1 as
accurately as possible. The results are as shown in
Table 7 below. Based on the results, it was clear that
the shear retention value of 0.100 (1.3% difference
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Table 8. Comparison of cracking and ultimate strengths in Set E – NLFEA (beam model F1 and F2).

CFRP Ultimate torque Cracking
Set E spacing Strips (kN.m) % of exp strength % of exp

E-F1-1 0.75D Y 10.05 88.1 7.27 129.5
C-F1-1 0.75D N 9.22 101.2 7.20 141.5
E-F2-1 0.50D Y 10.11 75.7 7.52 121.7
D-F2-1 0.50D N 9.41 103.3 7.43 146.0

Effect of CFRP Strip Strengthening on
Torsional Behaviour (Model F1)
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Figure 11. Effect of adding of CFRP strips (E-F1-1) over
base model (C-F1-1).

with experimental value) gave the closest approxima-
tion to the experimental ultimate strength. Therefore,
the material values in B-C1-2 were used for the base
models in C1, F1 and F2.

3.2.2 Beam models F1 and F2
Three sets were run to investigate Beams F1 and F2. In
Set E, CFRP strips were added to base models C-F1-1
and D-F2-1 to determine the effect of strip spacing at
0.75D and 0.5D respectively. In Sets C and D, para-
metric studies of shear retention factors were carried
out on F1 and F2 respectively.

The aim of Set E was to determine the effects of the
addition of CFRP strips in Beams F1 and F2. It can
be seen from Table 8, Figs. 11 and 12 that the addition
of CFRP strips in E-F1-1 and E-F2-1 resulted in an
increase in cracking and ultimate strength. Although
the trend was correct, the predicted values were short
of the experimental results, with the differences more
apparent in E-F2-1. It was also found that the FE mod-
els do not fully take into account the effects of CFRP
spacing on torsional behaviour on strengthened beams.
The predicted cracking and ultimate load capacity of
E-F2-1 was only marginally higher than E-F1-1.

The purpose of Sets C and D was to investigate
the shear retention factor to account for the increase
in concrete contribution with CFRP strengthening in
Beams F1 and F2 respectively. The shear retention

Effect of CFRP Strip Strengthening on
Torsional Behaviour (Model F2)
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Figure 12. Effect of adding CFRP strips (E-F2-1) over base
model (D-F2-1).

values used were from the range recommended by
Al-Mahaidi and Nilson’s (1979) model for smeared
cracking. In this respect, the optimal shear retention
factor was found to be 0.25 (0.18%), which was run
C-F1-3. Due to the narrower CFRP strip intervals in
F2, a higher shear retention factor range of 0.25 to
0.40 was used to account for the greater increase in
strength. The optimal shear retention factor was found
to be 0.40 (6.1%), which was run D-F1-4 as shown in
Table 9. The ultimate strength of the models steadily
increases with an increase in shear retention factor, as
shown in Fig. 14.

3.3 Discussion

3.3.1 Ultimate CFRP strain, failure mode
It was observed that there was a significant difference
between the CFRP strains recorded in FE models and
experimental values, as shown in Table 10. As stated
before concrete crack modelling was based on the
smeared crack approach, where cracks are spread over
a band of elements. In reality, discrete cracks form in
small regions over the specimen under torsional load-
ing. As the strain in the CFRP is closely related to the
width of the crack, the CFRP strips are more highly
stressed in the experimental discrete cracks than in
numerical modelling. This would explain why CFRP
rupture did not occur in the FE models. It was noted
the higher shear retention factors in Sets C and D
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Table 9. Comparison of cracking and ultimate strengths for varying shear retention factors in Sets C
(F1) and D (F2).

Shear retention Ultimate torque Cracking strength
Set E factor (kN.m) % of exp (kN.m) % of exp

C-F1-2 0.15 10.66 93.4 7.60 136.7
C-F1-3 0.20 10.85 95.1 7.88 141.7
C-F1-4 0.25 11.39 99.8 8.10 145.7

Exp F1 – 11.4 – 5.6 –

D-F2-2 0.25 11.67 87.4 8.38 135.6
D-F2-3 0.35 12.19 91.2 8.75 141.6
D-F2-4 0.40 12.54 93.9 8.87 143.5

Exp F2 – 13.4 – 6.2 –

Varying Shear Retention Factors in Model F1
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Figure 13. Comparison of torque–rotation behaviour in Set
C with experimental results (Beam F1).

Varying Shear Retention Factors in Model F2
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Figure 14. Comparison of torque–rotation behaviour in
Set D with experimental results (Beam F2).

compared to Set E resulted in the FRP strips being
slightly more stressed.

3.3.2 Shear retention factor
As discussed in Section 3.1.3, the remaining shear
stiffness of cracked concrete due to aggregate interlock
is approximated with the shear retention factor. The

Table 10. Comparison of manufacturer and FE CFRP
strains.

Set E
CFRP strain value Set C Set D

(microstrains) E-F1-1 E-F2-1 C-F1-3 D-F2-4

Finite element 5200 6300 7500 6800
max strain

Manufacturer’s 15500 15500 15500 15500
max strain

Percentage 67 59 52 56
difference (%)

Table 11. Inclination angle and widths of spiral cracks.

C1 F1 F2

Average crack 1.5 1.0 0.6
width (mm)

Shear retention 0.10 0.25 0.40
factor (B-C1-2) (C-F1-3) (D-F1-4)

results from Sets C and D had shown that by increas-
ing the shear retention factor, the numerical model
emulates the torsional behaviour of strengthened spec-
imens more accurately.This increase in shear retention
factor can be justified as it was shown experimentally
in Section 2.2.3 that the cracks widths were signifi-
cantly smaller in the strengthened specimens, resulting
in greater aggregate interlock and post-cracking shear
stiffness in the concrete material. A summary of the
relationship between the average crack widths mea-
sured in the specimens and the shear retention factors
in the numerical models can be found in Table 11
above.

4 CONCLUSION

Based on the preliminary experimental work, the use
of externally-bonded CFRP appears to be viable for
torsional strengthening of reinforced concrete beams.
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Further investigation is warranted in determining the
actual strength contribution of the CFRP. The need
for improved understanding of the failure modes and
effect FRP materials have on the performance of
retrofitted systems must be emphasised.

It appears that the total strain fixed crack model
works well for modelling reinforced concrete beams.
When extended to specimens strengthened with CFRP,
the models do not simulate post-cracking behaviour
as well. This was observed to be due to the cracks
being “smeared” over a band of elements, thus the
CFRP is not as highly stressed as it would in discrete
cracks in experiments. Further investigation is needed
in this area, possibly with discrete crack models. The
modification of the shear retention factor of concrete
in strengthened models is justified by the observation
of smaller crack widths in the experiments. Further
work is needed to correlate the shear retention value
to the crack widths.
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ABSTRACT: This investigation is concerned with the determination of the contribution of fiber-reinforced
polymer (FRP) composites to concrete shear transfer. The FRP composites were applied externally to plain
concrete test units designed to fail at a known shear plane, which are generally known as push-off specimens.
The FRP composite material used was a unidirectional carbon fiber fabric with epoxy resin, and was applied
perpendicular to the failure plane.Test units with three different shear-to-transverse stress ratios were constructed
to encompass many shear transfer applications. The experiments included test units with various FRP reinforce-
ment ratios. It was determined that the shear strength contributed by the concrete-FRP shear friction interaction
is a function of the concrete-to-concrete shear friction coefficient and the effective FRP composite tensile strain.
Design procedures were developed based on a strut-and-tie model for strengthening concrete in shear transfer
with externally applied FRP composites.

1 INTRODUCTION

Shear transfer tests were first used for steel rein-
forced concrete. The results of shear transfer tests
were used to develop the “shear friction” hypothesis
(Birkeland & Birkeland 1966). Mattock et al. (1969)
studied initially cracked and uncracked concrete shear
transfer specimens for steel reinforced concrete. Mat-
tock & Hawkins (1972) in a study of uncracked and
cracked shear transfer specimens found that the shear
friction provisions of ACI 318 (1971) gave a con-
servative estimate of the shear transfer strength in
cracked or uncracked shear planes. Walraven (1981)
studied shear transfer specimens using concretes with
compressive strength up to 62 MPa. The mechanism
of aggregate interlock was presented where size of
concrete aggregate, shear displacement, crack width,
normal stress, and shear stress are considered. Hsu
et al. (1987) developed a theory of shear transfer in
initially uncracked concrete; the theory is based on the
truss model and incorporates a softened compression
stress-strain relation along the concrete struts. Hwang
et al. (2000) introduced a softened strut-andtie model
to determine the interface shear capacity of push-
off and pull-off specimens for uncracked and cracked
shear planes. The theory predicts that ultimate failure
is caused by the crushing of concrete in the com-
pression struts formed after cracking of the concrete,
contrary to the shear friction concept. Mattock (2001)
proposed simple shear friction design equations for all
strengths of concrete, eliminating the 5.5 MPa shear

stress limit, which is used in the ACI 318 (2002) Code.
Kahn & Mitchell (2002) found that the ACI shear
friction concept can be extended to high-strength con-
crete; they recommend the upper shear stress limit of
0.2 f ′

c be retained but the 5.5 MPa shear stress limit be
eliminated.

Dolan et al. (1998) adopted the Iosipescu test from
ASTM D5379 (1998) to determine the shear transfer
strength of reinforced concrete members externally
reinforced with carbon reinforced polymer (CFRP)
composites; a design equation was proposed which
follows the shear friction theory; it was found that
the shear strength is a function of the shear plane
area, concrete shear capacity, coefficient of friction,
area of bonded CFRP laminate, and bond strength of
CFRP laminate. Shear transfer strength for internally
reinforced glass fiber reinforced plastic (GFRP) com-
posite stirrups was carried out by Burgoyne & Ibell
(1999); an analysis based on Walraven’s (1981) theory
was used to predict the maximum shear stress.

2 STRUT-AND-TIE ANALYTICAL MODEL

A design relationship from the results of thirty shear
transfer tests is developed. The strut-and-tie model
has been studied for steel reinforced concrete and
appears in theACI 318 (2002) Code.The shear transfer
unit used in the present tests, shown in Figure 1, was
designed to fail in shear at a known plane. The units
satisfy the conditions of a D-region, where there is a
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Figure 1. Typical CFRP reinforced shear transfer unit.

zone near concentrated loads, and an abrupt change in
geometry near the shear failure plane.

Three types of test units were tested based on the
shear-to-transverse stress ratio defined as:

where P = concentric applied load, h = shear plane
height, b = width of rectangular cross section
(127 mm), and L = unit length (305 mm) as shown
in Figure 1. The width and length of the units were
kept constant; for Type I, h = 165 mm and H = 495
mm; for Type II, h = 203 mm and H = 533 mm; and
for Type III, h = 241 mm and H = 572 mm. The CFRP
reinforcement ratio is defined as:

where nf = number of CFRP composite layers, ti =
ply thickness, wf = ply width, as shown in Figure 1.
The CFRP composite was applied only on the two faces
of the unit with dimension L.

The following assumptions were made to apply the
strut-and-tie model in the as-built and CFRP rein-
forced units: (1) from the experimental measurements
it was found that the shear strength of the unit is com-
posed of two parts: (a) concrete shear friction strength,
and (b) additional imposed shear stress resisted by the
CFRP composite acting as a clamping force, which
induces additional aggregate interlock/shear friction,
until the bond between laminate and concrete fails.

The ultimate shear strength resisted by the unit can
thus be evaluated as:

Figure 2. Internal steel reinforcement for Type III units.

Figure 3. Typical strut-and-tie model: (a) D-regions;
(b) model loaded at a single point.

where vc = concrete shear friction strength; vf = shear
friction strength contributed by concrete-CFRP inter-
action; (2) the strut-and-tie model must be in equilib-
rium with the applied loads and reactions; (3) the angle
of any strut and tie in a single node should not be less
than 25 degrees; (4) if two D-regions overlap or meet
in a plane, they can be considered as a single D-region
for design purposes, if the maximum length-to-depth
(L/D) ratio is less than two (ACI 318 2002).

2.1 Strut-and-tie model for as-built test units

Figure 2 shows the dimensions and steel reinforcement
details of Type III units (k = 1.26); to ensure failure of
the concrete unit in the shear plane, steel reinforcement
was placed away from the shear plane to prevent unde-
sirable failure modes such as flexural, compression, or
bearing capacity failures.

Figure 3 shows a typical shear transfer unit and
the location of the two different D-regions following
ACI 318 (2002). For Type I units the length-to-depth
(L/D) ratio is 1.23, for Type II units 1.14, and for Type
III units 1.07, where L = unit length (305 mm) and
D = one-half of the overall unit height, H , as shown
in Figures 1, 3. Therefore, the two D-regions shown
in Figure 3b can be considered as a single D-region.
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Figure 4. Typical failure modes: (a) Type III as-built unit;
(b) CFRP reinforced unit.

Figure 3b shows a typical shear transfer unit with a
concentric load applied at the shear plane, simulating
the experimental setup of Figure 1. Symmetry about
the shear failure plane and section 1-1 in Figure 3 is
used to simplify the strut-and-tie model. The typical
failure mode for the as-built and CFRP strengthened
units is shown in Figure 4.

A Type III as-built unit is analyzed to compare the
strut-and-tie model with the experimental shear trans-
fer tests. The applied ultimate load, P = 127.1 kN, is
the ultimate load of unit C3. Figure 5a shows the typ-
ical strut-and-tie model dimensions, and Figure 5b
shows the structural analysis results. The shear friction
theory proposed by Birkeland & Birkeland (1966) is
used; it is assumed that the externally applied force, Pc,
is resisted by a shear force, Vc, equal to the developed
tie force at the shear plane, Tc, times the shear friction
coefficient, µ, as shown in Figure 6. The shear fric-
tion coefficient is defined in the ACI 318 (2002) code
and the PCI Handbook (1999) for monolithic concrete
connections as µ = 1.4.

For design purposes, the ultimate load is always
known and the concrete shear strength can be found
using experimental or rational equations, or through
testing. The concrete will develop a tensile force if
it does not fail in tension prematurely; the maxi-
mum shear force, Vc, that can be developed can be
expressed as:

where f ′
t = concrete tensile strength which increases

as the square root of the compressive strength, and
Tc = concrete tie developed at the shear plane. Apply-
ing the experimental failure load, Pc, for as-built units
in the strut-and-tie model the tie force, Tc, at the shear
plane is calculated and the concrete tensile strength
determined from Equation 4.

Figure 5. Strut-and-tie model for Type III as-built units: (a)
model description, units in mm; (b) structural analysis results,
units in kN.

Figure 6. Shear friction principle for as-built units.

The strut-and-tie analysis results for the as-built
units are summarized in Table 1; the concrete shear
capacity can be calculated accurately using Equation 4
by experimentally determining or assuming the con-
crete tensile strength, or by performing a structural
analysis using the strut-and-tie model.
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Table 1. Experimental and strut-and-tie model results for as-built test units.

Concrete Experimental Shear failure Strut-and-tie concrete tensile
Test unit Shear transfer compressive ultimate load Pu area b·h
type unit strength f ′

c (MPa) (kN) (mm2) Force Tc (kN) Strength f ′
t (MPa)

I C1 36.6 59.3 20968 44.0 2.10
II C2 33.8 109.2 25806 81.8 3.17
III C3 36.9 127.1 30645 90.8 2.96

Figure 7. Shear friction principle for FRP-reinforced units.

2.2 Strut-and-tie model for CFRP reinforced test
units

Using the same shear friction principle as for plane
concrete, it is assumed that the externally applied
force, Pf , is resisted by a shear force Vf , which is equal
to the developed tie force at the shear failure plane due
to the tension developed in the CFRP reinforcement,
Tf , times the shear-friction coefficient, µ, as shown in
Figure 7.

Once the CFRP reinforcement tensile force is
developed, it results in a vertical force given as:

The shear force contributed by the concrete-CFRP
shear friction interaction is calculated using the exper-
imental data, as:

where Pu = ultimate load; Pc = ultimate load resisted
by concrete shear friction alone; Pf = remaining por-
tion of ultimate load resisted by concrete-CFRP shear
friction interaction.

For the as-built concrete units, the average experi-
mental ultimate load, Pu,Exp, was applied in the strut-
and-tie model so that, for Type I Pu,Exp = 59.3 kN, for
Type II 109.2 kN, and for Type III units 127.1 kN. For

Figure 8. Strut-and-tie model analysis for CFRP reinforced
Type III units with ρf = 0.3%: (a) CFRP contribution results;
(b) Ultimate calculated load results.

the CFRP reinforced units, the experimental concrete-
CFRP contribution, Pf ,Exp, was calculated using Equa-
tion 6. The applied load for the CFRP reinforced units
is the average of the two units with the same type and
CFRP reinforcement ratio, ρf .

A Type III CFRP reinforced unit with ρf = 0.3% is
analyzed. Figure 8a shows the structural analysis for
the CFRP composite contribution and Figure 8b shows
the superposition of the as-built unit forces, shown in
Figure 5b, plus the CFRP reinforced unit forces. The
calculated results are within ±5% of the experimental
results, as shown in Figure 9.
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Figure 9. Experimental versus calculated ultimate load
using strut-and-tie model.

It is clear that the ultimate load of the as-built and
CFRP reinforced test units can be determined by using
the strut-and-tie model. The strut-and-tie model can
be used to analyze concrete members reinforced with
CFRP composites subjected to shear stresses, where
discontinuity regions are present.

3 DESIGN METHODS

Two design methods are presented: (a) simplified
design method based on experimental results; and (b)
strut-and-tie design method based on experimental and
analytical results.

3.1 Simplified design method

The ultimate shear strength of the initially uncracked
connections was found experimentally as:

where f ′
c = concrete compressive strength, f ∗

fu = CFRP
composite ultimate tensile stress, and ρf = CFRP
composite reinforcement ratio, defined in Equation 2.

3.2 Strut-and-tie design method

The ultimate shear strength of the CFRP reinforced
concrete connection is defined in Equation 2 in terms
of the concrete shear friction strength, νc, plus the shear
friction strength contributed by the concrete-CFRP
interaction, νf , as:

Equation 8 can be used for design when the ultimate
shear stress and material properties are known, so the
number of CFRP composite layers can be obtained.
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Figure 10. CFRP tensile strain efficiency.

3.2.1 Concrete shear friction strength
The concrete shear friction strength is defined as:

where γ = concrete tensile strength coefficient. All
CFRP reinforced units had the same type of failure
mode, because the CFRP reinforcement “locked up”
the crack and the concrete-CFRP interaction behaved
similarly for all three-unit types.

This failure mode is controlled by loss of bond
between the CFRP laminate and the concrete as shown
in Figure 4b. For design purposes, the concrete ten-
sile strength coefficient is adopted from the ACI 318
Building Code (2002) as γ = 0.50.

3.2.2 CFRP composite laminate efficiency
The CFRP tensile strain efficiency is plotted in
Figure 10, and was determined from the tests
using a least squares fit, which represents the mean
value as:

where ξf = CFRP composite efficiency, εfe = effec-
tive CFRP composite tensile strain, εfu = ultimate
CFRP composite tensile strain, ρf = CFRP ratio, as
defined in Equation 2, Ef = CFRP composite tensile
modulus, and f ∗

fu = CFRP composite ultimate tensile
stress.
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3.2.3 Shear friction strength contributed by the
concrete-CFRP interaction

The shear strength contributed by the shear fric-
tion from concrete-CFRP interaction is found from
Figure 7 as:

The effective tensile capacity of the FRP composite
laminate is given as:

4 COMPARISON BETWEEN THE SIMPLIFIED
AND THE STRUT-AND-TIE DESIGN
MODELS

The simplified model of Equation 7 was derived using
the method of least squares from experimental results.
The first term in the equation is the shear friction
strength contributed by the concrete-CFRP interac-
tion, and the second term is the concrete shear friction
strength. Therefore, from Equations 3 and 7 the shear
friction strength contributed by the concrete-CFRP
interaction is expressed as:

Comparing Equations 11–12 for the proposed strut-
and-tie model to Equation 13, the coefficient of fric-
tion (0.505) can be expressed as a function of the
effective CFRP composite tensile strain, ξf , and the
shear friction coefficient, µ, as:

The average value of the effective CFRP compos-
ite tensile strain, ξf , of Equation 10, was found
from the experimental results as ξf = 0.36; using a
shear friction coefficient for monolithic concrete con-
nections, according to ACI 318 (2002) of µ = 1.4,
the product of the two is the same number, i.e.
1.4 × 0.36 = 0.505. Thus, the shear friction strength
contributed by the concrete-CFRP interaction is a
function of the concrete-to-concrete shear friction
coefficient, µ, and the effective CFRP composite
tensile strain, ξf .

Analyzing the second term of Equations 3, 7, the
concrete shear friction strength can be expressed as:

The CFRP reinforced test units had an average
concrete compressive strength of 36.5 MPa. Substi-
tuting the concrete compressive strength in Equa-
tion 15, the average concrete shear friction strength

is 0.117 × 36.5 = 4.27 MPa. Using Equation 9 and a
shear friction coefficient of µ = 1.4, the average con-
crete shear friction strength is found as 1.4 × 0.5 ×
(36.5)0.5 = 4.23 MPa, which is almost identical to the
result of Equation 15. In summary, both the simpli-
fied model and the strut-and-tie model can be used to
calculate within the same accuracy the required CFRP
reinforcement or the capacity of a CFRP reinforced
connection.

The strut-and-tie model depends on the effective
CFRP tensile strain, which is a function of the nor-
malized CFRP stiffness, while the simplified design
model represents the average ultimate shear strength
of the total number of units tested. The strut-and-tie
model can capture the shear friction contribution due
to the prestressing effect of the CFRP composite. The
simplified method represents the average coefficient
of friction for the total population of the test units.

It can be shown that the simplified method can be
unconservative since it represents the average experi-
mental trend of the available data, while the strut-and-
tie design method gives more rational and conservative
results.

5 DESIGN EXAMPLE

The simplified design method and the strut-and-tie
design method are used in this example. The num-
ber of CFRP composite layers for a shear transfer
unit required to resist an ultimate load Pu = 243.2 kN
is determined. The material and geometrical prop-
erties of the test unit are: Ef = 68 GPa; f ∗

fu =
903 MPa; f ′

c = 36.1 MPa; b = 127 mm; h = 203 mm;
wf = 156 mm; and ti = 1 mm.

5.1 Simplified design method

The ultimate shear stress is:

Using the initial conditions and substituting Equa-
tion 16 into Equation 7, the required CFRP reinforce-
ment ratio is:

Substituting Equation 17 into Equation 2 the number
of CFRP layers is:

This is only 6% different from the number of layers
used in the test unit, of nf = 2.0, which had an actual
experimental failure load of Pu = 243.2 kN.
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5.2 Strut-and-tie design method

From Equation 16 the ultimate shear stress is
νu = 9.43 MPa. The concrete shear friction strength
from Equation 9 with γ = 0.5 is:

Substituting Equation 19 in Equation 3, the required
shear strength contributed by the concrete-CFRP shear
friction interaction is:

Substituting Equation 20 in Equation 11, the required
effective tensile capacity of the CFRP laminate is:

Substituting Tf from Equation 21, and ξf from Equa-
tion 10 in Equation 12, the CFRP reinforcement ratio
satisfies:

which gives the required ρf = 0.0170; this value is
substituted in Equation 2, to determine the number
of CFRP layers required as:

This result is 40% greater than the number of layers
used in test unit, nf = 2.0, which is conservative for
design.

The simplified method and the strut-and-tie design
method give results with some deviation. The strut-
and-tie model depends on the effective CFRP tensile
strain, which is a function of the normalized CFRP
stiffness, while the simplified design model represents
the average ultimate shear strength of the total number
of units tested. The strut-and-tie model can capture
the shear friction contribution due to the prestressing
effect of the CFRP composite. The simplified method
represents the average coefficient of friction for the
total population of the units tested.

6 CONCLUSIONS

The shear strength contributed by the concrete-CFRP
shear friction interaction is a function of the concrete-
to-concrete shear friction coefficient and the effective
CFRP composite tensile strain. The concrete shear

strength is a function of the concrete tensile strength
and the shear friction coefficient. The strut-and-tie
model depends on the effective CFRP tensile strain,
which is a function of the normalized CFRP stiffness,
and can adequately capture the tensioning effect of the
CFRP composite. The simplified method represents
the average coefficient of friction for the total units.

The application of the strut-and-tie model in exter-
nally applied CFRP composites for reinforced con-
crete under shear transfer is successful in representing
the true behavior, it is based on experimental evidence
and could be used in design.

Analytical models for representing shear transfer of
plain concrete and CFRP reinforced units were derived
based on experimental results. Two design approaches
are proposed: (1) a simplified design method; (2) a
strut-and-tie design method; the two methods give
results with some deviation. The simplified method
can be unconservative because it represents the aver-
age trend of the available experimental data, while the
strut-and-tie method gives conservative results.
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ABSTRACT: Design equations for shear strengthening with fibre reinforced polymers (FRP) of reinforced
concrete beams are presented as derived from an experimental/analytical study. The proposed equations allow
to compute the FRP strengthening contribution to the shear capacity at the ultimate limit state, in dependence
on the chosen strengthening configuration. The FRP contribution is then added to those of concrete and steel,
adequately weighed. These equations contain closed-form analytical expressions of the effective strength of
the FRP sheet/strips crossing the shear cracks, as function of both the adopted strengthening configuration and
some basic geometric and mechanical parameters. The equations’accuracy has been verified through correlation
studies with experimental results obtained from the literature and from laboratory tests on 13 purposely under-
designed real-scale beam specimens, strengthened with different FRP configurations.

1 INTRODUCTION

The development of practical and reliable design equa-
tions for shear strengthening of reinforced concrete
elements with FRP composite materials is still hin-
dered by significant uncertainties related to three
aspects still not perfectly understood. The first regards
the shear resisting mechanism that develops when FRP
strips/sheets are side bonded, rather than U-jacketed
or wrapped, to the element; in this case, a different
mechanism than the Moersch truss activates, that is,
a “crack-bridging” mechanism, similar in nature to
those of aggregate interlock, dowel effect and con-
crete tooth. The second aspect regards the evaluation
of the contribution of the FRP transverse strengthen-
ing to the shear capacity; as opposed to the case of
steel transverse reinforcement, which is always consid-
ered as yielded, FRP is instead subjected to a variable
tensile stress along the crack profile, which is usu-
ally expressed as an effective stress. The third aspect
regards the evaluation of the relative contributions
to the shear capacity of concrete, steel and FRP at
ultimate; it is not guaranteed that both concrete and
stirrups can exploit their maximum strength when in
the presence of FRP strengthening.

These aspects are the object of the present work,
where they are treated from both the experimental and
the analytical standpoint.

2 EXPERIMENTAL TESTS

Experimental tests were carried out in the labora-
tory of the Department of Structural Engineering and

Figure 1. Reference specimen dimensions.

Geotechnics of the University of Rome “La Sapienza”
on 13 beam specimens purposely designed as under-
reinforced in shear.

2.1 Geometry and materials

The beam specimens were made with concrete with
mean compressive cubic strength Rcm = 13.3 MPa
and FeB44k steel bars with mean yield strength
fym = 500 MPa. The geometric dimensions of the
beams were (Figure 1): span 3.0 m, cross-section width
250 mm and depth 450 mm. The longitudinal rein-
forcement was made of 4φ20 bottom and of 2φ20 top,
while shear stirrups φ8/400 mm were used. In view
of the external strengthening application the bottom
corners of the beam were rounded with 30 mm radius.

2.2 Strengthening typology

Thirteen reinforced concrete beams were prepared:
two of them were bare concrete beams, without
external strengthening, 11 were strengthened in shear
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Table 1. Typology and nomenclature of beams.

with different configurations: Side-Bonding (S) and
U-Jacketing (U). Complete wrapping (W) was not con-
sidered due to its difficulty of practical application in
real retrofit cases (due to the necessity of drilling the
slab). Configurations with strips (S) and with sheets
(F) were tested. Strips were oriented with different
angles β with respect to the beam axis: 90◦ (vertical
fibres), 60◦, 45◦ or applied with variable inclination
along the axis: from the midspan to the end 30◦, 45◦
and 60◦. Sheets were applied with fibres in the verti-
cal direction. All strips/sheets were in a single layer of
CFRP, having thickness 0.22 mm and elastic modulus
Ef = 390 GPa.

The nomenclature used for each typology was
(Table 1):

• The first letter denotes either side bonding (S) or
U-jacketing (U),

• The second letter denotes either strips (S) or
fabrics (F),

• The two following numbers denote the angle of
inclination (in degrees) of the fibres with respect
to the beam axis (45, 60, 90); in case of variable
inclination, they are replaced by “VA”,

• The final “+” symbol denotes a horizontal strip
covering the U-jacketed strips at the bottom edge,

• The unstrengthened reference beams are named
“REF”.

Figure 2. Representative picture of a test.

2.3 Test scheme

The beams were loaded with a 3-point bending scheme.
The span was 2.80 m. In Figure 2 a representative
picture of a test is shown.

The tests were carried out under displacement con-
trol in order to follow the beam response also on
the descending branch of the load–deflection curve,
pushing the observation to a very advanced cracking
state, far beyond the conventional ultimate limit state,
until either stirrup rupture or hooks opening or FRP
debonding, was observed.

2.4 Tests description and results

REF1: Reference specimen, unstrengthened. Forma-
tion of the first cracks at 100 kN load. Progressive
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opening and formation of further cracks until fail-
ure. The failure was reached due to rupture of the
second stirrup, at 550 mm from the left beam end,
at 210 kN.

REF2: Reference specimen, unstrengthened. For-
mation of the first cracks at 110 kN load. Failure
reached due to rupture of the third stirrup, at 900 mm
from the left beam end, at 187 kN.

SS90: Beam with S-strengthening, with CFRP
strips 150 mm wide at β = 90◦, with 300 mm spac-
ing. The first cracks were observed at the load of
120–130 kN. The beam failure was reached at 200 kN.
The reinforcement seemed to strengthen the beam very
little, because the principal crack crossed the strips
close to their end.

SS45: Beam with S-strengthening, with CFRP
strips 150 mm wide at β = 45◦, with 300 mm spac-
ing, measured along the beam axis. The first cracks
were observed at the load of 120/130 kN. At 170 kN
the strip at right of midspan started to debond at the
bottom. The beam failure was reached at 202 kN for
complete delamination of the lower part of the second
and third strip at the left of the beam.

SSVA: Beam with S-strengthening, with CFRP
strips 150 mm wide with variable inclination (30◦–
45◦–60◦) and with spacing as in Figure 3. At 90 kN
of load the first flexural cracks were noted. Around
140 kN debonding of the third strip from left of the

Figure 3. Configuration of SSVA strengthening.

beam started. Beam failure at 210 kN due to failure
with complete debonding from the top of the 30◦-strip.

SF90: Beam with S-strengthening, with CFRP
sheets at β = 90◦. At 208 kN debonding occurs at the
beam midspan. At 213 kN first shear cracks observed.
At 225 kN beam failure with rupture of the stirrup at
900 mm from the beam end.

US90: Beam with U-strengthening, with CFRP
strips 150 mm wide at β = 90◦, with 300 mm spacing.
Failure was due to the rupture of the third stirrup, after
debonding of the second strip from left occurred. The
failure load of 190 kN was close to the unstrengthened
beam because the strips were not activated.

US60: Beam with U-strengthening, with CFRP
strips 150 mm wide at β = 45◦, with 300 mm spac-
ing, measured orthogonally to the strips. Formation of
the first shear cracks at 135 kN. The third strip from
left started to debond from the top at 165 kN. Debond-
ing also started from the bottom at 199 kN, probably
because of a crack at the beam soffit. Specimen failure
at 222 kN, apparently without stirrup rupture.

USVA: Beam with U-strengthening, with CFRP
strips 150 mm wide with variable inclination (30◦–
45◦–60◦) as in SSVA. Vertical flexural cracks at
midspan around 100 kN of load. Slightly inclined
cracks at midspan around 110 kN. Formation of shear
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Table 2. Maximum applied force for different strengthening schemes.

cracks located between the strips at 30◦ and 45◦. Spec-
imen failure at 240 kN for debonding from the top of
the 30◦ strip.

USV+: Beam with U-strengthening, with CFRP
strips 150 mm wide with variable inclination (30◦–
45◦–60◦) as in USVA with a further bottom collab-
oration strip on the beam sides. Shear cracks around
170 kN. Debonding of the mid-span strip at the beam
bottom. Specimen failure at 270 kN without stirrup
rupture.

US45+: Beam with U-strengthening, with CFRP
strips 150 mm wide at β = 45◦, with 300 mm spacing,
measured along the beam axis.At 100 kN first flexural
cracks were observed. At 167 kN first shear cracks
were observed. At 223 kN debonding of the second
strip from left started. At 232 kN debonding of the

second strip from left started. Beam failure at 251 kN
with complete debonding of the second strip.

US90(2): Beam with U-strengthening, with CFRP
strips 150 mm wide at β = 90◦, with 300 mm spac-
ing. At 90 kN first flexural cracks were observed. At
127 kN first shear cracks were observed. At 135 kN
the third strip from left started to debond. At 166 kN
debonding of the second strip from left. Failure
at 179 kN, accompanied by opening of the stirrups
hooks.

UF90: Beam with U-strengthening, with CFRP
sheets at β = 90◦. First crack at 178 kN. Debonding
starts at 206 kN. At 215 kN reinforcement buckling at
the beam top, probably due to the upper concrete com-
pression. Fabric failure around 250 kN and specimen
failure at 260 kN with stirrups rupture.
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Figure 4. Comparative force–displacement diagrams for different strengthening schemes.

2.5 Comments to the test results

Tests have shown a load capacity increase in all
the strengthened beams. Both Side-bonded and U-
Jacketed strengthening configurations with 90◦ strips
were inefficient with the adopted spacing because the
cracks passed in between the strips. The strengthen-
ing effectiveness was sensibly increased with lower
angles, in that cracks most likely crossed the inclined
strips. Side-bonding configurations have shown low
efficiency because the strips/sheets started to debond
at the beam bottom as the first cracks occurred. Sheets
configurations showed satisfactory results, but not the
best in terms of efficiency of the quantity of mate-
rial used: under this standpoint, configurations with
inclined strips worked better. Configurations with the
bottom collaboration strip gave the best results in
terms of shear capacity increase (+35%). In Table 2 a
test comparison chart is shown in terms of maximum
force, and in Figure 4 in terms of force–displacement
curves.

3 DESIGN EQUATIONS FOR FRP SHEAR
STRENGTHENING

This section tries to provide a coherent analytical
framework to describe the behaviour of RC ele-
ments FRP-strengthened in shear, following previ-
ous efforts made by other authors (Täljsten 1997,
Triantafillou 1998, Khalifa et al. 1998, Chen & Teng
2003a, 2003b). The developed theory aims at pro-
ducing closed-form mechanics-based expressions to
describe the FRP stress distribution σf ,cr(x) along a
shear crack (as qualitatively sketched in Figure 5), as
opposed to regression-based formulas (Triantafillou &
Antonopoulos 2000). Once this is correctly defined,
the FRP resultant across the crack can be computed
and the FRP contribution to the resisting shear be

Figure 5. Stress distribution along an FRP sheet crossing a
shear crack.

found. The analytical developments arrive at defining
three predictive equations for: Side-Bonding (S), U-
jacketing (U) and Wrapping (W).

These equations define the maximum effective
strength (or strain) of the FRP strip/sheet along the
crack in analytical terms, as opposed to previous dif-
ferent approaches, based on regression analyses of
experimental data. The obtained expression of the
strength is given in terms of readily available geo-
metrical and mechanical quantities of both the FRP
strengthening and the RC beam and is then used to
compute the FRP contribution to the overall shear
strength, together with that of concrete and transverse
reinforcement.

In the developments presented hereafter, the follow-
ing hypotheses are made:

• Shear cracks are evenly spaced along the beam axis,
and spacing is that due to flexure,

• At the ULS the cracks depth is equal to the internal
lever arm z = 0.9d,

• The resisting shear mechanism is based on the Moer-
sch truss, with compression struts, and shear cracks
inclined with angle θ,

• In the case of side-bonding (S), because the Moersch
truss cannot form as the tensile diagonal strut is
missing, a different resisting mechanism of “crack-
bridging” is considered to develop.
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The notation used is shown in Figure 6.
In order to fully characterize the physical phe-

nomenon, the following aspects must be analytically
defined: the failure criterion of an FRP strip/sheet
bonded to concrete, the stress-slip constitutive law, the
compatibility equations (i.e., the crack opening), and
the boundary conditions (i.e., the available bonded
lengths on both sides of the crack depending of the
different configurations).

3.1 FRP strengthening design

Through analytical developments (presented in detail
in Monti et al. 2004) the effective strength in the case
of Side-bonding (S), U-jacketing (U) and Wrapping
(W) is defined.

In all cases the debonding strength must be defined
(Monti et al. 2003):

and the effective bond length (beyond which there is
no increase of ffdd ):

where Ef = FRP elastic modulus, tf = strip/sheet
thickness, fctm = 0.27 · R2/3

ck = concrete mean tensile
strength (with Rck = concrete characteristic cubic
strength). γfd is a partial coefficient for debonding.

In both previous equations kb is:

where, for strips: wf = width measured orthogonally
to the fibres, sf = spacing measured orthogonally to
β; for sheets wf = min(0.9d, hw) · sin(θ + β)/sin θ,

d

β θ
c

Hz Angle of FRP
strips/sheets

Crack
angle

wf

sf

bw
tf

Figure 6. Geometry notation.

with d = beam effective depth, hw = beam web depth,
β = angle of strip/sheet to the beam axis, θ = crack
angle to the beam axis. In case θ = 45◦ and β = 90◦,
for sheets one has: wf = min(0.9d, hw).

The effective strength of the FRP shear strengthen-
ing crossing the shear crack is then found by means of
the theory presented in Monti et al. 2004.

In the case of side-bonding:

where:

where: u1 = kb/3, and it is observed that: zrid is equal
to the internal lever arm minus the bottom part with
insufficient bond length, Leq is the bond length pro-
jected vertically that would be necessary if the fabric
strain εfdd = ffdd/Ef were uniform.

In the case of U-jacketing:

In the case of wrapping:

where ffd is the design strength of FRP, and:

is a coefficient (Campione & Miraglia 2003) depend-
ing on the rounding radius R with respect to the beam
web width bw.

Note that, when using mechanical devices for block-
ing the free extremities of the U-jackets, in case one
can experimentally ensure their good performance, the
FRP contribution to shear strength can be computed
from (9) as well.
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3.2 Shear capacity

In case the reinforcement type is W or U, the Moersch
resisting mechanism can be activated and the shear
carried by FRP is expressed as:

while for side-bonding (S) the FRP role is that of
“bridging” the shear crack, so that:

with d = beam effective depth, ffed = design effective
strength of the FRP shear strengthening, given either
by (4) for S-bonding or by (8) for U-jacketing or from
(9) for Wrapping, tf = thickness of FRP strip/sheet (on
one side only), θ = crack angle.

Assuming cracks inclined of an angle θ = 45◦ with
respect to the vertical and strips/sheets vertically
aligned atβ = 90◦, the two previous equations become:

The shear verification should be performed by com-
paring the design acting shear with the shear capacity,
given by:

where VRd,ct is the concrete contribution, given by
(Italian Code (M.LL.PP. 1996) and EC2 (CEN 1991),
respectively):

and VRd,s is the steel contribution, given by:

where fctd = 0.7fctm/γc = concrete tensile strength,
γc = 1.5 = concrete partial coefficient, bw = web

section width, ρsl = longitudinal geometric ratio,
fck = concrete characteristic cylindrical strength,
fyd = design steel yield strength, nst = transverse rein-
forcement arm number, Ast , sst = area (one arm) and
spacing of traverse reinforcement, and βst = stirrups
angle.

In (15), VRd,max is the strength of the concrete strut,
given by (Italian Code and EC2, respectively):

with ν = 0.6[1 − ( fck/250)] (in MPa).
Finally, in (15)φ = 1 in the absence of FRP strength-

ening, while φ = 0.5 in the presence of FRP strength-
ening, meaning that, when FRP reaches debonding,
the concrete exploits only a fraction of its maximum
strength.

Note that in EC2 the contribution of concrete to the
resisting shear capacity (17) is not considered (φ = 0),
even in the absence of strengthening.

4 VALIDATION OF DESIGN EQUATIONS

The results obtained with the above presented equa-
tions applied to the case of the specimen beams tested
in the lab are shown in Figure 7 and Figure 8. As the
EC2 formulae systematically tend to overestimate the
concrete contribution to the shear capacity, the Italian
Code formula was only used.
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Figure 7. Prediction–test results comparison.
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Figure 9. Crack formation fields with inadequate strip
spacing.

Partial coefficients were set to 1 for the prediction
of experimental results, and mean values of material
properties were considered. The shear capacity of the
reference beam was computed as the mean between
the two tested unstrengthened specimens. Note that in
the specimen SS90, SS45, and US90, the contribution
of FRP strengthening was not considered, as it was
recognised that the diagonal shear cracks did not cross
the strips.

It can be observed that the mean error on the pre-
dictions where FRP strengthening was active is 7%,
with a peak of 15% for the configurations US60 and
UF90. Such an error is considered acceptable. Further
tests are being carried out to validate the proposed
equations on different reinforcing schemes.

A further information emerged from the tests
regarding the limitation of the strips spacing, which

should be sufficiently small to prevent cracks from not
crossing at least one strip. From Figure 9 it can be seen
that, thinking to “condense” the strips in an “equiva-
lent stirrup” on the strip axis, having the same height
of the strip minus the effective bond length Le from
both ends in case of S-bonding and only from one end
in case of U-Jacketing, shear cracks can develop that
do not cross excessively spaced strips in the effective
zone. In fact, in case of S-bonding there is a field (rep-
resented in shaded region in Figure 9) where cracks can
freely pass in between strips, without crossing them.

From the figure, it can be seen that such field
reduces from S-bonding to U-jacketing and increas-
ing the fibres angle. This suggests to adopt the fol-
lowing limitations: in strengthening measures made
with strips, these should have a width wf , measured
orthogonally to the fibres direction β, not lower than
50 mm and not larger than 250 mm, and a spac-
ing, measured orthogonally to the fibres direction β,
sf ≤ min[0.5d, 3wf , wf + 200 mm].

5 CONCLUSIONS

The above presented equations for the shear strength-
ening of beams with composite materials (FRP)
showed good correlation with purposely carried out
experimental tests. The equations matched the shear
capacity increase with a more than acceptable error.
The work carried out went through some of the
unsolved aspects in previous analytical treatments of
the phenomenon. In particular, closed-form analyti-
cal expressions for the effective stress of the FRP
strips/sheets crossing the shear crack were found,
which could be implemented in finite element for-
mulations for FRP-strengthened elements (Monti &
Barbato 2003). It has also been clarified in which
cases relation (11), based on the formation of Moersch
truss can be used (for W and U configurations), and
when instead relation (12), considering only the bridg-
ing of cracks, must be used (for S configurations).
In both cases it has been verified that the concrete
cannot exploit its full contribution to the shear resis-
tance of the beam, so that, in this first phase before
more accurate evaluations will be made, it is consid-
ered with a weight φ = 0.5 in equation (15). Finally, it
is worth mentioning that the approach presented here
has been incorporated in the recently issued Italian
Instructions for strengthening RC structures with FRP
(CNR 2004).
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Numerical predictions for the ultimate torque capacity of FRP
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ABSTRACT: Despite years of theoretical work on the ultimate torque capacity of reinforced concrete beams,
the current models do not produce convincingly accurate results. The prediction of ultimate torque by the current
code recommendations is rather conservative and there is no model that accurately predicts the ultimate torque
capacity of strengthened beams. The study here is looking at these models in a comparative scenario measuring
them against ANSYS and experimental results. For the numerical solution with ANSYS, a three-dimensional
model is created in which the concrete is modeled by an eight-node solid element specifically designed for
concrete material. This element is capable of handling plasticity, cracking in tension and crushing in compression
and requires an iterative solution. Experimental benchmarking contains the results of a series of experiments on
plain and FRP strengthened reinforced concrete beams subjected to torsion for which the torque-twist curves are
extracted. The results of the study provide a good insight to the weaknesses and strengths of the torsion models
and the accuracy of the numerical model.

1 INTRODUCTION

Ultimate torque capacity of reinforced concrete beams
is usually predicted in the codes of practice by the
Truss model either in its original form with a constant
45◦ crack angle or with a variable angle, neither of
which are capable of predicting the ultimate torque
adequately. There are a variety of other models avail-
able which have not found their roots in the codes as
yet, including the Compression Field Theory and the
Softened Truss Model, which offers higher accuracies
in comparison to the Truss Model.

When it comes to predicting the ultimate capacity of
FRP strengthened beams, the methods are even scarcer
with methods used by Taljsten (1998) and Zhang et al.
(2001) known to the authors. In a situation like this,
recourse to numerical solutions is an obvious choice.
Due to the highly nonlinear behaviour of concrete,
however, this may prove not to be so easy. Concrete
behaves differently in different stress fields; in tension,
in compression or when confined. Steel rebars also
move from elastic behaviour to plastic when yielding
occurs.

In the current paper, an attempt is made to per-
form a nonlinear numerical analysis by ANSYS 7.1 in
order to evaluate the ultimate torque capacity of plain
and FRP strengthened reinforced concrete beams. The

results are then benchmarked against some experimen-
tal results. In addition, a number of theoretical methods
are also evaluated as to their effectiveness in predicting
the torsional capacity of plain unstrengthened beams.

2 CHOSEN BENCHMARK

Numerical models are to be benchmarked against
experiments. The experiments, which are reported in
detail in a separate paper presented at this conference
were performed at the University of Queensland.

The tests were on twelve rectangular reinforced con-
crete beams with dimensions 150 mm × 350 mm ×
1900 mm that were cast in two batches of 6 beams
each. The first batch used for CFRP (carbon fiber
reinforced polymer) and the second for GFRP (glass
fiber reinforced polymer) strengthening. Test span of
beams was measured at 1600 mm. Longitudinal rein-
forcement bars were four N16 bars, one at each corner
of the cross-section and stirrups were R6 with a spac-
ing of 80 mm. Rebars and stirrups yield strength were
500 MPa and 250 MPa respectively. A concrete cover
of 25 mm was considered in all beams. The compres-
sive 28-day strength of concrete batches were mea-
sured at 39 MPa and 36 MPa for the first and second
batches respectively. One beam of each batch, called
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Table 1. Properties of fibres.

Modulus of
Type of Thickness elasticity Tensile strength
fibre (mm) (MPa) (MPa)

CF130 0.165 240,000 3900
EG900 0.154 73,000 3400

Figure 1. Schematic configuration of strengthened beams.

RC and RG, were tested without FRP as reference
beams. The rest of the beams were then strength-
ened by carbon fibre (Mbrace CF130) and glass fibre
(Mbrace EG900) in different configurations. Proper-
ties of the used fibres are shown in Table 1. Different
configurations of FRPs were tried as shown schemat-
ically in Figure 1. These configurations were used
for both CFRP and GFRP. In all rehabilitated beams,
CFRP and GFRP sheets were employed vertically with
respect to the longitudinal beam axis. Beams CFE and
GFE were wrapped by one layer of CFRP and GFRP
sheets respectively, around the perimeter of the section
and along the entire beam.

Figure 2. The testing rig.

Beams CFE2 and GFE2 were the same but with two
layers of FRP. Beams CJE and GJE were wrapped by
CFRP and GFRP sheets respectively, on two sides and
the bottom of the cross section as a U-jacket, along
the entire beam. Beams CJS and GJS were wrapped
by CFRP and GFRP sheets respectively, in U-jacket
by 100 mm wide FRP strips at 100 mm spacing along
the member. Beams CFS and GFS were wrapped by
100 mm strips of CFRP and GFRP sheets respectively,
around the perimeter of the section at 100 mm spacing.
The test set-up is shown in Figure 2. All beams were
tested under pure torsion. The load was applied by two
hydraulic jacks of 100 kN capacity. Jacks were located
at 500 mm distances from the centre of the beam. Tor-
sion was introduced by applying equal amounts of
force to the free end of the beam through the jacks,
one operating in tension and the other in compression.
Jacks were connected to the loading frame through
pinned joints. The end of the specimen was fixed in
the rigid frame. It was fixed against twist while was
free to have other displacements. The twist angle of
the free end, (point of applying torque) was measured
by a clinometer. It was also calculated from the dis-
placements of the end cross-section measured by linear
variable displacement transformers (LVDT).

3 FINITE ELEMENTS

ANSYS models concrete with its element SOLID 65.
SOLID65 is a cubic element with eight nodes at each
of it’s corners each having three translational degrees
of freedom (Fig. 3). SOLID65 is capable of cracking
in tension, crushing in compression, and plastic defor-
mation. It also comes with a rebar capability in which
rebars can be defined within the element itself.

Reinforcement bars can also be modelled sepa-
rately from SOLID65 using an element called LINK8.
This element is a 3-dimentional spar and a uniaxial

580



Figure 3. Element SOLID 65 and its degrees of freedom.

Figure 4. Element LINK8.

Figure 5. Element SHELL99.

Figure 6. Element PIPE16.

tension-compression element with three degrees of
freedom at each node (Fig. 4).

FRP wraps can be modeled in ANSYS by the
element SHELL99. This element has six degrees of
freedom at each node and is defined by eight nodes,

Figure 7. Assumed: (a) cross section, (b) layout of the
reinforcements.

average or corner layer thicknesses, layer material
direction angles, and orthotropic material properties
(Fig. 5). The element SHELL99 may be used for lay-
ered applications of a structural shell model. Element
SHELL99 does not have nonlinear capabilities and
that fits well with FRPs which exhibit a linear elastic
behaviour to failure.

One problem familiar to everyone usingANSYS for
concrete is that ANSYS may not converge to a nonlin-
ear solution when a crack extends completely through
a concrete element. This is because the element will
have no stiffness and its nodal displacements will not
be restrained.

In order to overcome this problem, a series of
dummy elements can be created at the free end of the
beam model. These dummy elements could be used to
constrain the concrete elements that are fully cracked.
A usual dummy element is PIPE16. This element is a
uniaxial element with tension-compression, torsion,
and bending capabilities. Element PIPE 16 has six
degrees of freedom at end node (Fig. 6).

4 NUMERICAL MODELS

Layout of the reinforcement and the cross-section used
for modeling is shown in Figure 7. The dimensions
are exactly the same as dimensions used in the exper-
imental study. This layout is then meshed using the
aforementioned elements. A couple of meshes are
shown in Figure 8. The rest are very similar to these.
Beams are named similar to their experimental coun-
terpart with the only difference being that they now
have an A in front of the abbreviation used. For exam-
ple, beam RG, which was the plain beam used as a
reference for all GFRP wrapped beams is now called
ARG, emphasizing that it is the “A”nalytical RG.
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Figure 8. Mesh for beams, (a) ARC (ARG), (b) ACJE
(AGJE).

Table 2. Characteristics of FRP materials used in numerical
solution, MPa.

Ultimate tensile
Modulus of elasticity strength

CFRP GFRP CFRP GFRP

One layer 33,000 10,220 536 476
Two layers 37,714 11,242 613 524

In the modelling, one may note that the thick-
ness of wraps is much higher than the thickness of
the fibres. In the experimental studies, it was found
that the thicknesses for one and two layers of CFRP
were 1.2 mm and 2.1 mm respectively while for GFRP,
they amounted to 1.1 mm and 2 mm. In using these
thicknesses for SHELL99, a correction to the Elas-
tic modulus and the material’s strength needs to be
implemented. Here, the use is made of the results of
FIB (2001), which shows that a reduction based on the
thickness ratio (measured thickness/fibre thickness)
is sufficient as the saturant strength and stiffness are
very small comparing to the fibres. The modulus and
strengths used are shown in Table 2.

5 RESULTS AND DISCUSSION

The ultimate torsional strength of the beams ARC &
ARG obtained from numerical solution are compared

Table 3. Ultimate torque of the plain reinforced concrete
specimens obtained from different sources, kNm.

Beam Beam
ARC/RC ARG/RG

Numerical solution 14.78 14.09
Compression field theory 16.36 15.79
Softened truss model 16.08 15.43
AS3600 3.46 3.46
ACI 4.88 4.88
EC2 5.12 5.12
Experiment 15 14.8
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Figure 9. T − ϕ relation for beams ARC/RC & ARG/RG
obtained from numerical solution (NS) and experimental
results (ER).

with some available theoretical models, codes of
practice, and experiments in Table 3.

As is seen in Table 3, the results of the numerical
solution, theoretical models and experiments are close
together, whereas codes’ predictions are conservative.
It should be mentioned that according to the codes,
the ultimate strength is independent of the concrete
strength. The other analytical methods, like the Com-
pression Field Theory of Mitchell & Collins (1974)
or the Softened Truss Model of Hsu (1988), however,
recognize its dependence.

Numerical solutions by ANSYS are reasonably
close and a lower bound to the experimental obser-
vations. The T − ϕ graphs shown in Figure 9 contain
the ANSYS solution and the experimental results. As
is seen, ANSYS is incapable of predicting the post-
peak response, and its pre-peak response deviates from
the experiments a little too soon. It however catches
up reasonably well reaching the crest at almost the
same twist as the experiments and around the same
torque.

The deviation of ANSYS torques from the experi-
mental torques occur at around 5 kNm which is close
to the cracking torque according to AS3600 (2001)
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Table 4. Maximum strain values at the ultimate torque.

Strain, %

Beam ARC Beam ARG

Model Rebar Stirrup Rebar Stirrup

Comp. field theory 0.160 1.47 0.150 1.33
Softened truss 0.146 0.270 0.138 0.26

model
ANSYS 0.184 0.126 0.185 0.126

(5.9 kNm and 5.7 kNm for beams RC and RG respec-
tively). As is seen, the experimental results show
considerable stiffness after cracking by continuing
the almost linear elastic path while ANSYS torques
diverge to the higher twists. This may be explained
by the fact that in real experiments, shear stresses can
still be transmitted across the cracks while in numerical
analysis, as soon as the concrete cracks, the loads will
be transferred to the reinforcement bars. The analyti-
cal solution becomes closer to the experimental results
again as the level of shear transfer becomes lower due
to crack gaps becoming larger and as such transferring
lower stresses.

One important issue to evaluate the torsional
strength of reinforced concrete beams is to define the
strain in rebars and stirrups at the ultimate torque. In
most codes of practice such as AS3600, the procedure
for evaluating the ultimate toque is based on yield-
ing of both longitudinal rebars and stirrups (Warner
et al. 1998). This is not the case in Compression Field
Theory and Softened Truss Model in which the strains
in the bars at the ultimate torques can be calculated.
These strains are compared here with ANSYS strains
obtained at the ultimate. Yield strain of the stirrups
and rebars are 0.125% and 0.25% respectively. The
two analytical models of Table 4 then show that stir-
rups are at yield while rebars remain elastic even at
the ultimate. This is confirmed byANSYS. The strains
predicted by ANSYS, however, are very different from
analytical methods particularly for stirrups while the
discrepancy between the two analytical methods is also
very large.

Figures 10 & 11 also show the T − ϕ relations of
the FRP strengthened beams obtained from numerical
solution and experiments. According to these figures,
in all cases, the observed trend in the experiments at
the early stages of the curves is the same as the numer-
ical results. However, at the ultimate torques, the slope
of the numerical curves are slightly smoother than the
experiments. As is seen the only curves obtained from
numerical solution that are above the experimental
result are for beams ACJE and ACJS, but the differ-
ences, are not substantial. T − ϕ relations for beams
ACJS & CJS (AGJS & GJS) have the best agreement at
ultimate strength compared to the others. These beams
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Figure 10. T − ϕ relation for, (a) beams ACFE/CFE &
ACFE2/CFE2, (b) beams ACJE/CJE, ACJS/CJS &
ACFS/CFS, obtained from numerical solution (NS)
and experimental results (ER).

have the least quantity of FRP materials in U-jacket
strips.

Focusing on the ultimate torsional strength and the
corresponding twist angle for all beams can give inter-
esting results. These values for all strengthened beams
obtained from numerical solution and the experiments
are presented in Tables 5 & 6. According to Table 5,
in all GFRP strengthened beams the ultimate torque
obtained from numerical results, Tun, are less than the
experimental values, Tue. This pattern can also be seen
in most of the CFRP strengthened beams.

In terms of the twist angle at ultimate torques (Table
6), values obtained from numerical solution, ϕun, are
greater than the experimental results in all cases, ϕue.
The differences however are small and the numerical
predictions seem acceptable.

6 CONCLUSION

In this investigation, ANSYS software was utilised in
the nonlinear torsion analysis of plain and torsionally
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Figure 11. T − ϕ relation for, (a) beams AGFE/GFE &
AGFE2/GFE2, (b) beams AGJE/GJE, AGJS/GJS, &
AGFS/GFS, obtained from numerical solution (NS) and
experimental results (ER).

Table 5. Ultimate torques obtained from experiments (Tue)
and numerical solution (Tun), kNm.

Beam Tue Tun Beam Tue Tun

CFE/ACFE 28 25.8 GFE/AGFE 26.3 22.71
CFE2/ 36.5 33.12 GFE2/ 31.1 29.37
ACFE2 AGFE2
CJE/ACJE 20 21.07 GJE/AGJE 19.5 19.15
CFS/ACFS 21.7 19.49 GFS/AGFS 19.9 17.7
CJS/ACJS 17.4 17.64 GJS/AGJS 16.9 16.07

strengthened reinforced concrete beams. The results
of ANSYS were then compared with the theoretical
models and experiments. The results show that:

a) For plain reinforced concrete beams:
The predictions of ANSYS, Compression Filed
Theory and Softened Truss Model were close to the
experimental results while the codes’ predictions
were vastly different. In addition, it shows that the
code assumption about the yielding of both rebars

Table 6. Angles of twist at ultimate torques obtained
from experiments (ϕue) and numerical solution (ϕun), in
degrees.

Beam ϕue ϕun Beam ϕue ϕun

CFE/ACFE 12.98 14.16 GFE/AGFE 14.02 15.01
CFE2/ 18.7 22.09 GFE2/ 15.53 16.91
ACFE2 AGFE2

CJE/ACJE 6.2 7.65 GJE/AGJE 6.35 8.31
CFS/ACFS 9.23 10.04 GFS/AGFS 7.78 8.68
CJS/ACJS 6.4 7.73 GJS/AGJS 6.08 7.11

and stirrups at failure may not be valid. Numerical
analysis showed that rebars do not yield behaving
elastically to failure.

b) For FRP strengthened beams:
Numerical results as well as experiments showed
that, generally using FRP materials caused an
increase in the ultimate torsional strength and
the corresponding angle of twist. In most cases,
however, the ultimate torques obtained from the
numerical analysis were lower than the experimen-
tal values while the angle of twist at ultimate torque
obtained from numerical analysis was greater than
the experiments.

Numerical T − ϕ curves had a good agreement with
the experiments for loading up to the cracking torque.
They then diverged from experimental values showing
higher twists at similar loads until finally joined back
in at torques close to the ultimate.
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Experimental investigations on FRP strengthening of beams in torsion

M. Ameli, H.R. Ronagh & P.F. Dux
School of Engineering, The University of Queensland, Brisbane, Australia

ABSTRACT: Many studies have been performed in recent years on strengthening beams in shear and bending
using FRP wraps and laminates. Torsional strengthening however has not attracted as much attention. The current
study on the torsional strengthening of reinforced concrete beams was performed on 12 reinforced concrete beams
wrapped by carbon and glass fibres. Several different configurations were used for the FRPs and the torque-twist
angle paths of the beams were recorded to failure. The failure modes, ductility levels and the increase in the
torsional strengths are presented in this paper. Moreover, advantages and disadvantages of the two types of fibres
used are compared and discussed. Attempts are also made to predict the torsional strength of the strengthened
beams by modifying the available torsion models of plain RC beams.

1 INTRODUCTION

In the 90s, steel plating was considered as an effec-
tive strengthening technique for reinforced concrete
structures. Gradually, however as FRPs became avail-
able at lower prices, a tendency toward using them
as a substitute to steel plating is gaining momentum.
The advantages are obvious, as these materials are
lightweight, do not corrode, are easy to apply, and are
fatigue resistant.

Despite them gaining popularity, there is yet more
research to be done to fully understand their behaviour
in particular applications. One can find a significant
amount of research output in the literature in areas
of shear and flexural strengthening but some areas
like torsional strengthening and the effect of FRPs on
beam-column joints are yet to be fully addressed.

In the area of torsional strengthening to which the
current study is dedicated, there seems to be a shortage
of convincing experimental and theoretical studies.
The current paper presents the results of some exper-
iments performed on torsionally strengthened beams,
critically evaluates the accuracy of available analytical
methods and elaborates on the influence of important
parameters that can affect the behaviour of strength-
ened members. Two main strengthening materials,
carbon and glass fibre are studied and compared as
to their effects.

2 PREVIOUS STUDIES

As mentioned earlier, most of the investigations on
externally bonded FRP sheets were focused on flex-
ural and shear strengthening of reinforced concrete

members, reference to which can be found in Khalifa
et al. (1998) andTriantafillou (1997). Unlike that, there
are not as many investigations on torsional strength-
ening of beams. The few that exist are explained in the
following.

Ghobarah (2001) performed some torsional tests on
reinforced concrete beams that were strengthened with
CFRP (carbon fibre reinforced polymer) and GFRP
(glass fibre reinforced polymer) in different configu-
rations. His results showed that the strength increased
considerably as well as the ductility levels. The find-
ings were to some extent different from the findings
of Ronagh & Dux (2003) who obtained lower angles
of twist at failure in contrast to the levels reported
by Ghobarah (2001). Panchacharam & Belarbi (2002)
also performed some tests on FRP strengthened beams
subjected to torsion. They used GFRP in different con-
figuration to strengthen beams. They also performed
an analytical study and calculated the ultimate torque
using a parameter called “effective FRP strain” (FIB
2001). This parameter has basically emerged from the
studies of Taljsten (1998). He suggests that the fail-
ure modes in shear and torsion for the strengthened
beams are more or less the same and design equation
for torsional contribution of fully wrapped beams can
be obtained by:

where α is the angle of torsion crack and β is the ori-
entation of fibres, both measured from the member’s
longitudinal axis, εfe is the effective strain in the fibres,
b and h are the cross sectional dimensions of the beam,
bf is the minimum width of the cross section over the
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Table 1. Properties of fibres.

Modulus of
Type of Thickness elasticity Tensile strength
fibre (mm) (MPa) (MPa)

CF130 0.165 240,000 3900
EG900 0.154 73,000 3400

effective depth of the cross section, Ef is the modulus
of elasticity of FRP, and sf is the spacing of the FRP
strips.

These very few studies are on beams that are dif-
ferent in dimension, levels of reinforcement, method
of loading, etc, and as such do not lead to comfort-
able conclusions about the behaviour. A program of
research has therefore been set up at the University
of Queensland to address these issues and to arrive at
more convincing conclusions.

3 EXPERIMENTAL PROGRAM

3.1 Test beams

Twelve rectangular reinforced concrete beams with
dimensions 150 mm × 350 mm × 1900 mm were cast
in two batches of 6 beams each. The first batch used
CFRP and the second GFRP strengthening. Test span
of beams was measured at 1600 mm. Longitudinal
reinforcement bars were four N16 bars, one at each
corner of the cross-section and stirrups were R6 with
a spacing of 80 mm. Rebar and stirrup yield strength
were 500 MPa and 250 MPa respectively. Concrete
cover was 25 mm. The compressive 28-day strength
of concrete batches was 39 MPa and 36 MPa for the
first and second batches respectively. One beam of
each batch, called RC and RG, were tested without
FRP as reference beams. The remained were then
strengthened by carbon fibre (Mbrace CF130) and
glass fibre (Mbrace EG900) in different configura-
tions. Properties of the used fibres are shown in
Table 1. Different configurations of FRPs were tried
as shown schematically in Figure 1. These configu-
rations were used for both CFRP and GFRP. In all
strengthened beams, CFRP and GFRP were employed
vertically with respect to the longitudinal beam axis.
Beams CFE and GFE were wrapped by one layer
of CFRP and GFRP respectively, around the perime-
ter of the section and along the entire beam. Beams
CFE2 and GFE2 were the same but with two layers
of FRP. Beams CJE and GJE were wrapped by CFRP
and GFRP respectively, on two sides and the bottom
of the cross section as a U-jacket, along the entire
beam. Beams CJS and GJS were wrapped by CFRP
and GFRP sheets respectively, in U-jacket by 100 mm
wide FRP strips at 100 mm spacing along the member.

(a) specimens CFE & GFE, with one layer fibre, around the
whole section, along the entire beam.

(b) specimens CFE2 & GFE2, with two layers fibre, around the
whole section, along the entire beam.

(c) specimens CFS & GFS, with one layer fibre, around the
whole section, 7 strips of 100mm spaced at 100mm.

(d) specimens CJS & GJS, with one layer fibre, three sides of
the section (U-jacket), 7 strips of 100mm spaced at 100mm.

(e) specimens CJE & GJE, with one layer fibre, three sides of
the section (U-jacket), along the entire beam.

Figure 1. Schematic configuration of strengthened beams.

Figure 2. Test set-up.

Beams CFS and GFS were wrapped by 100 mm strips
of CFRP and GFRP respectively, around the perimeter
of the section at 100 mm spacing.

3.2 Test set-up

The test set-up is shown in Figure 2. All beams were
tested under pure torsion. The load was applied by two
hydraulic jacks of 100 kN capacity. Jacks were located
500 mm from the centre of the beam. Torsion was
introduced by applying equal amounts of force to the
free end of the beam through the jacks, one operating
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Table 2. Ultimate torque values (Tu) obtained form experi-
ments and the corresponding percentage increase.

Beam Tu % increase∗ Beam Tu % increase∗∗

RC 15 – RG 14.8 –
CFE 28 87 GFE 26.3 78
CFE2 36.5 143 GFE2 31.1 110
CJE 20 33 GJE 19.5 32
CFS 21.7 45 GFS 19.9 34
CJS 17.4 16 GJS 16.9 14

∗ Compared to the beam RC.
∗∗ Compared to the beam RG.

in tension and the other in compression. Jacks were
connected to the loading frame through pinned joints.
The other end of the specimen was fixed against twist
while free to have other displacements.The twist angle
of the free end (point of applying torque) was measured
by a clinometer.

It was also calculated from the displacements of
the end cross-section measured by linear variable
displacement transformers (LVDT).

4 RESULTS AND DISCUSSION

Table 2 shows the results of tests in terms of ultimate
torque for all 12 specimens. This table also indicates
the percentage increase in the ultimate torque in com-
parison with the ultimate torque of the specimens
without FRP sheets (beams RC and RG). It can be
seen that using FRP sheets around the perimeter of
the section and along the entire length caused a signif-
icant increase of the ultimate torque. The maximum
increases, 143% and 110%, are for beams CFE2 and
GFE2, which had two layers of CFRP and two layers
of GFRP respectively. Beams strengthened with full
strips (CFS and GFS) and U-jackets strips (CJS and
GJS) do not exhibit the same amount of increase as
those fully wrapped. It is also seen that the amount of
increase in the ultimate torque for beam CJE (that is
a U-jacket CFRP along the entire beam) is between
those of CJS and CFS. This is also true for GJE whose
ultimate resistance is between those of GJS and GFS.
These experimental results can be compared to avail-
able methods. AS3600 predicts the ultimate torsional
strength of a beam, Tus, as

where fsy,f and Asw are the yield strength and the cross-
sectional area of the stirrups respectively, At is the
area enclosed by longitudinal bars at the corners, and
θt is the crack angle of concrete that can be taken
as 45◦. The code method is basically a truss model
(Rausch 1929). Using this, the torsional capacity of

the reference beams RC and RG can be calculated as
4.9 kNm.

Another analytical method that can be used is the
Compression Field Theory of Collins & Mitchell
(1980). Unlike the Truss model, which is an equi-
librium based model, the Compression Field Theory
incorporates both equilibrium and compatibility con-
ditions. CFT assumes that concrete carries no tension
after cracking and the inclination angle of the diagonal
compressive stress is the same as the inclination angle
of the principal compressive strain. This assumption
provides a means to relate the angle of cracks and the
strains together as:

where θ is the angle of cracks measured from the
horizontal beam axis, εl and εt are the strains in the lon-
gitudinal and transverse steel bars, respectively, and εds
is the maximum diagonal compressive strain in con-
crete. The analysis procedure by this method involves
trial and error on the value of εds until both equilibrium
and compatibility conditions are satisfied. Compres-
sion Field Theory predicts values of 16.4 kNm and
15.8 kNm for the ultimate torque of beams RC and
RG respectively.

Considering that the experimental results for the
ultimate torque of beams RC and RG were 15 kNm and
14.8 kNm respectively, it is seen that the Compression
Field Theory predicts the behaviour better than that of
the AS3600.

There are not many analytical methods for calculat-
ing the ultimate torque of FRP strengthened beams.
Panchacharam & Belarbi (2002) have proposed a
method using Equation 1. They basically calculate the
contribution of FRP sheets to the overall strength and
then add it to the ultimate torque of unwrapped beams
derived using other models (usually truss models). In
that, they require a value for the effective strain and
a method to distinguish the U-jacket wrapping from
full wrapping. For the effective strain, they make use
of FIB (2001) model and for U-jacket wrapping, they
multiply the calculated torque by 0.5.

The results of analytical predictions for tested
beams compared with the experimental results are
shown inTable 3. Overall, it can be seen that the analyt-
ical ultimate torques predicted based on Compression
Field Theory are much closer to the experimental
results with the exception of specimen CFE2. Further-
more, the experimental ultimate torques T1, for the
first seven beams of Table 3, are between the two ana-
lytical ultimate torques, T3 and T4, while being higher
than the analytical torques for the last five beams. The
percentage of differences between analytical torques
(calculated inTable 3) and experimental results are pre-
sented inTable 4.As for Compression FieldTheory, the
closest prediction in CFRP wrapped beams is for CJE
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Table 3. Analytical and experimental results compared,
kNm.

Experimental Contribution Analytical Analytical
Test- torque, of FRP, torque, torque,
beam T1 T2∗ T3∗∗ T4∗∗∗

RC 15.0 – 4.9 16.4
CFE 28.0 17.1 22.0 33.5
CFE2 36.5 27.4 32.3 43.9
CJE 20.0 4.6 9.5 21.0
CFS 21.7 10.4 15.3 27.0
CJS 17.4 3.4 8.3 19.8
RG 14.8 – 4.9 15.8
GFE 26.3 7.1 12.0 22.9
GFE2 31.1 14.2 19.1 30.0
GJE 19.5 2.6 7.5 18.4
GFS 19.9 3.5 8.4 19.3
GJS 16.9 1.8 6.7 17.6

∗ According to the Equation 1 and FIB (2001).
∗∗ T1 + Tus (according to AS3600, 2001).
∗∗∗ T1 + Tus (according to Compression Field Theory).

Table 4. Percentage of differences between analytical
torques and experimental results.

Percentage of Percentage of
Test difference between difference between
specimens T3 & T1∗ T4 & T1∗

RC 67 9
CFE 22 19
CFE2 11 20
CJE 53 5
CFS 29 24
CJS 52 14
RG 67 7
GFE 54 14
GFE2 39 4
GJE 62 6
GFS 58 3
GJS 61 4

∗ Calculated in Table 3.

with only 5% difference while others exhibit discrep-
ancies of between 14% and 24%. Predictions using
AS3600 are very different with an average error of
33%. The results of analytical method based on Com-
pression Field Theory for GFRP strengthened beams
were even more successful in predicting the ultimate
torsional capacity. As is shown in Table 3, the percent-
age errors for three out of the five tests performed are
less than 5%.

One problem associated with the current approach
in calculating the strength of FRP wrapped beams is
that the method is based on FRP rupture. FRP rup-
ture is not the only failure mechanism as the beams
may also collapse under diagonal crushing of con-
crete or debonding of the FRP sheets. In the current

(a) debonding (beam CJE).

(b) fibre failure (beam CFE).

Figure 3. Different failure modes observed.

Figure 4. Crack angles (beam RC).

experiments, it was seen that all fully wrapped beams
failed under FRP rupture while those with a shape of a
U-jacket failed through debonding (Figure 3). It seems
that multiplying a universal factor of 0.5 would not
reasonably define the change in the failure mechanism.

Another observation relates to the angle of cracks.
Major crack angles in the unwrapped beams were

590



Figure 5. Cracks on beam GFE.
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Figure 6. Torque–twist angle curves of all beams, (a) CFRP
used for strengthening, (b) GFRP used for strengthening.

usually around 45◦ while minor crack angles varied
between 43◦ and 47◦ (Figure 4). The range for crack
angles in the FRP strengthened beams was wider, vary-
ing between 40◦ and 49◦. It was also observed that for
fully wrapped beams, the cracks were more evenly dis-
tributed along the entire length, unlike the unwrapped
beams for which a local helical pattern of cracks was
the usual observation. In addition, there existed a

(a)

(b)

Figure 7. Beam GFE2 with more than 26◦ twist angle.

significant number of micro cracks in the fully
wrapped beams. It seems that FRPs help distributing
the stresses to the whole body of concrete and as such
the increase in the strength is partially due to the bet-
ter utilisation of the concrete strength on top of what
FRP provides itself. Figure 5 shows the crack pattern
for beam GFE2 (full wrap using two layers of GFRP)
after the wraps were peeled off. The cracks are small
and so close that they may not be quite visible. Basi-
cally wherever the color is whiter a crack has been
formed. It may be interesting to compare this crack
pattern with that in Figure 4 for unwrapped beam RC.

Twist angles at the free end of the beams were
also measured during the tests. Values of the twist
angles versus load are presented in Figures 6a and 6b
for CFRP and GFRP wrapped beams respectively.
As is seen in Figure 6, the ultimate torque (the maxi-
mum torque at the crest of the curve) is higher in all
FRP wrapped beams in comparison to the unstrength-
ened ones. The increase in the ultimate load is highest
when beams are fully wrapped and is more with car-
bon fibres. This increase can be more than 100% in
some cases while is not significant when strips or
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U-jackets are used. As expected, the worst perform-
ing strengthening method is using strips in a U-jacket
form.

In addition, it can be seen that after using FRP
sheets, the twist angle at the ultimate torque for all
beams has increased. For instance, this angle for beam
RC (reference beam for CFRP strengthened beams)
was about 5.2◦ and for beam CFE2, which had two
layers of fully wrapped CFRP along the entire beam,
an amazing 18.7◦. The corresponding value for beam
GFE2 was 15.53◦ compared to 5.1◦ for the reference
beam RG. The behaviour clearly indicates a consider-
able increase in the energy absorbing capacity of the
FRP wrapped beams and the ductility.

One interesting point that was observed during the
experiments and is exhibited in the graphs is that
all beams wrapped with CFRP fail fairly suddenly
after reaching their peak torque while their post peak
response is very much short-lived.The GFRP wrapped
beams, however, have a longer post peak response and
develop larger twist angles. This is interesting that, as
the failure of both CFRP and GFRP wrapped beams
have a similar initiation of failure at the peak. The
GFRP ones, can then accommodate the failure in a
much more relaxed way deforming significantly as
they unload. The 26◦ twist of the GFE2 beam at failure
is remarkable as is shown in Figure 7.

5 CONCLUSION

The results of this research can be summarised as
follows.

Firstly, wrapping beams with CFRP and GFRP
sheets can increase the torsional strength of reinforced
concrete beams considerably. For different configura-
tions increases from 16% to 143% were experienced
for CFRP and from 14% to 110% for GFRP wrapping.
The highest amount of increase belonged to full wrap-
ping with two layers and the least amount to U-jacket
wrapping in strips. Regarding to the little influence of
U-jacket wrapping in strips on torsional strengthening,
this method is not recommended to use.

The two analytical methods employed to evalu-
ate the torsional contribution of reinforced concrete
beams showed very different results. The results from
Compression FieldTheory, however, were much closer
to the experimental results than those from theAS3600
method, which is based on a truss model. Two main
failure types were observed. The first type of failure
initiated by debonding of the FRP sheets from the sur-
face of the concrete which in some cases included a

portion of the concrete and occurred in U-jacket type
wrapping. The second type of failure initiated by the
rupture of FRP and occurred in fully wrapped cases
either being in strips or around the whole perimeter of
the cross-section.
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ABSTRACT: The need for concrete strengthening and retrofitting is well known and a great amount of research
is going on in this field. When strengthening for increased shear capacity the use of CFRP plate bonding has
shown to be a competitive method both regarding structural performance and economical aspects. For design of
shear strengthening, it has been found that the widely used truss model has limitations that are not completely
investigated. The truss model needs to be modified to consider the linear elastic behaviour and anisotropic nature
of the composite, especially when shear-moment interaction is studied. To evaluate the strain field in the shear
span electrical strain gauges are normally used. However, this implies that the strain measurements are undertaken
in discrete points and that it is very difficult to obtain a clear picture of the overall strain distribution in the shear
span. In this paper a non-touching strain measurement method that covers a pre-defined area is presented. The
method provides strains with high accuracy over a shear span and the measurements are effectively undertaken.
Tests have been conducted on 4.5 m long strengthened concrete beams, where the strain measurements have
been undertaken on a shear span 1.25 m times 0.5 m. Strains measured by the presented method is compared
with strains measured by traditional electrical strain gauges. The presented monitoring method shows promising
results and will also be possible to use for measuring of strains for evaluation of shear stresses in the bond line
between CFRP composites and concrete.

1 INTRODUCTION

1.1 Background

All around the world, there are problems with dete-
rioration and lack of load bearing capacity of many
structures around us. These structures are built and
used for several different purposes; bridges for trans-
portation, houses for living, and telecom towers for
communication just to mention a few. Lack of bear-
ing capacity may be addressed by changed use of a
structure, increased traffic flow, or even mistakes dur-
ing design or construction phases. Deterioration will
decrease the load bearing capacity and decreased load
bearing capacity may also increase the rate of dete-
rioration. Several structures will probably need to be
replaced since they are in such bad condition or they
cannot be upgraded to desired performance levels.The
value of all built structures is enormous and it will not
be possible to erect new structures for all new pur-
poses or situations that will arise. Instead, existing
structures must be strengthened or repaired to meet
society’s demands.

Today, several strengthening methods for improve-
ment of the load bearing capacity exist. One of
them, not necessarily always the most suitable one, is

strengthening of structures by bonding carbon fibre
reinforced polymers to the structure to add stiff-
ness, tensile reinforcement or shear reinforcement,
Burgoyne (1999), Carolin (2001) and Meier (1999).
This method is very interesting for a huge range
of applications and a great amount of research is
undertaken in this field not only regarding equa-
tions describing behaviour but also experimental tests
from small scale to full-scale tests in the field. The
high number of already undertaken projects confirms
that the method is competitive, both from a practi-
cal and economical point of view. Most research has
been undertaken on flexural strengthening of concrete
members and equations have been derived, equations
that most researchers agree upon and now are used in
design codes.

Although not the only problem facing structures
today, shear deficiencies are becoming more and more
prevalent Micelli et al. (2002). Shear strengthening
is actualized by more or less the reasons already
mentioned but also due to flexural strengthening.
When increasing the flexure capacity by strengthen-
ing, the structure will be loaded closer to its maximum
shear capacity, Täljsten (1994). A structure must have
a certain safety margin against shear failure since it
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is more dangerous and less predictable than flexural
failure, Täljsten (2002).

When it comes to codes for shear strengthening,
there still is a discussion on how design shall be taken
care of. One suggestion will briefly be presented in this
paper to increase the understanding of the problem.
Previously research Carolin (2001) have shown that
the composite is not uniformly stresses when bonded
to the sides of a beam and that this strain field must
be further studied to understand the behaviour of a
member strengthened in shear. It has been discussed
how the strain field actually looks like in shear span of
beams simultaneously subjected to shear and bend-
ing. The non-uniform strain field is an issue both
in service limit state and ultimate limit state. To be
able to understand CFRP shear strengthen structures
behaviour, theoretical as well as experimental stud-
ies are needed. This is also important if the CFRP
strengthening method shall reach full acceptance for
shear strengthening worldwide.

In this paper a method to measure strain fields with
high accuracy over a large area is presented. A lim-
ited number of large specimens have been tested and
the strain fields in the critical shear spans have been
captured.The results from the measurements are a con-
tribution to the derivation of design equations for shear
strengthening.

1.2 Theories for shear strengthening

One way to express the shear capacity of a concrete
beam, Vd , is as in Equation 1 where Vc, Vs and Vf are
the contributions from the concrete, steel stirrups and
externally bonded CFRP respectively.

For this equation the superposition principle is used
which can be done up to a certain level of deformation.
In design, because of limitations on allowable strain in
fibres to prevent rupture and anchorage problems it
is probable that the superposition principle is valid.
This will not be further discussed in this paper but it is
believed that the presented measuring technique can
be an effective instrument to solve this uncertainty as
well. In combination with Equation 1 the truss model
is the most well-known and widely used theory for
describing shear behaviour of a concrete member. The
modified compression field theory, Vecchio & Collins
(1986), is believed by some to be more accurate but
it is much more complicated to use. Finite element
models may also be used to describe shear behaviour
of structures. But they are rather time consuming, con-
siderably dependent of the users knowledge, and not
suitable for codes. The truss model has wide accep-
tance, is easy to use and several researchers are already
familiar with the model for predicting the contribution

from externally bonded reinforcement. Therefore, the
truss model will be shortly described here. Equation
2 is one suggestion on how the contribution from
externally bonded fibres can be calculated.

where, η, consider non-uniform strain distribution
described later on, εcr , is maximum allowable strain,
Ef , module of elasticity of composite, composite thick-
ness, r, considers fibre arrangement (strips or sheets),
z, beam height, α, crack inclination, and θ, angle
between principal strain and fibre direction. There
are several researchers that have suggested differ-
ent approach and different solutions to express Vf
based on truss model. Different derivations will not
be repeated here but some can instead be found
presented in detail in Triantafillou (1998); Täljsten
(2002); Carolin (2003) and Chen & Teng (2003). In
addition to obvious aspects such as; geometry; fibre
amount; fibre arrangement; different failure modes;
mechanical properties of the materials; etc, consid-
eration must also be taken to strain distribution over
a shear span. The main reason for this is that CFRP
is linear elastic, which implies that different strains
will cause different stresses, contradictory to steel
that yields and redistribute stresses. Pure shear in a
structural member is very unusual; most members are
simultaneously subjected to both shear and flexural
loading, which must be kept in mind when studying
strain distribution.

The issue of non-uniform strain distribution has
been known a long time and it has been addressed
that a reduction factor is needed Sato et al. (1996).
From a small amount of tests an empirically deter-
mined reduction factor including bond was identified.
Based on a larger number of tests, a similar reduction
factor but only considering bond failure was suggested
by Triantafillou (1998). There exist several other mod-
els based on bond or more correct insufficient bond,
Al-Sulaimani et al. (1994) and Maeda et al. (1997).
Non-uniform strain distributions have been found in
tests by others, Adey et al. (1998) but have not been
further analyzed. In empirically based equations for
the bearing capacity such as Izumo et al. (1998), a
reduction factor is included. However, it is important to
isolate the strain distribution in service limit state when
a possible bond failure might be far away. A reduc-
tion factor, η, must be used if the truss model is used
for design. This reduction factor has been analytically
derived and to a limited extent verified experimen-
tally, Carolin (2003). In theory, the factor is 0.45–0.67
depending on fibre alignment, fibre arrangement,
and shear-moment relation. With a normalized beam
height, the strain profile for 45◦ and 90◦ fibre align-
ments with end support loading condition may be
found in Figure 1. Observe that a part of the fibres
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are subjected to compression when applied in 45◦.
The normalized strains are integrated over height of the
beam and the area is divided with the area for uniform
fibre strains. An average fibre utilization, η, is defined
where only positive fibre strains are considered. The
average fibre utilization expresses the average strain
in the fibres over the height compared to the most
stressed fibre in the cross-section. To be able to verify
the strain distribution it is necessary to measure the
strains in the shear span. In previous research, Carolin
(2001), this has been done with strain gauges. As will
be shown in this paper, strain gauges is not the optimal
for monitoring strain fields.

2 METHOD

2.1 Test beams

Large-scale tests have been undertaken on 23 rect-
angular reinforced concrete beams, which all are
presented in detail in Carolin (2003). All beams are
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Figure 2. Test beam.

heavily reinforced in bending to ensure a shear fail-
ure. The thickness of the fibres as well as the fibre
direction has been varied. Some of the beams were
loaded until a shear crack formed and the beams were
unloaded before the strengthening was applied.

Some beams have been strengthened with fibres
on the sides only and others were wrapped with
fibres around the entire beam. Several other param-
eters were varied as well. However, all beams were
finally tested to failure by a deformation controlled
loading. In this paper a limited number of the tested
beams will be brought up for discussion with respect
to strain measurements and strain distribution. These
beams have been heavily reinforced with steel stir-
rups in one shear span to cause failure in the other
span and therefore make it possible to focus the mea-
surements on the failing shear span. In Figure 2 the
test set up for the undertaken four point bending test
and the test beams are shown. The beams have dimen-
sions 4500 × 500 × 180 mm with one shear span of
1250 mm without stirrups. The longitudinal reinforce-
ment consists of twelve 16 mm bars in tension and two
16 mm bars in compression; all with yield strength
of 515 MPa. The concrete compressive strength as an
average was 55 MPa. For strengthening the unidirec-
tional hand lay-up CFRP system StoBPE Composite
S has been used. This system consists of primer, a
low-viscosity epoxy resin and fibres with a stiffness
of 234 GPa and a strain to failure at 1.5%. For the
beams that will be used in the evaluation presented
here, fibres have been applied in 45◦ and 90◦ direction
both wrapped and on the vertical sides only in various
combinations, including pre-cracking.

3 STRAIN MEASUREMENTS

3.1 Photographic strain measurements

When using photographic measurement the area is
photographed before and after loading, i.e. photos are
taken at different stages during loading. The photos
are analysed with the help of computer software. Parts
of pictures are identified and the centre of gravity is
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calculated. Difference in strain can be calculated for
two stages by comparing the difference in distance
between the studied parts. There exist different meth-
ods for performing these measurements and they are
sometimes presented under different names. In this
study has a random pattern and speckle pattern cor-
relation been used and will be described. Another
photographic method is the so-called grid-method that
will also be described but not further discussed.

3.2 Speckle pattern correlation

For the speckle pattern correlation method a random
pattern on a surface is used. In this case black and
white sand was mixed and bonded to the surface as
shown in Figure 3 where one shear span of a test beams
is shown. The wires, seen in the back in Figure 3,
are connected to ordinary strain gauges placed on
the opposite side for later comparison of the results
between the two methods. Every 30 kN during load-
ing up to failure, the loading was paused and a photo
were taken. For this purpose a professional camera

Figure 3. Studied shear span with applied pattern.

Figure 4. Magnification of shear span with applied pattern.

with mid-size (69 × 56 mm) black and white film was
used. After processing of the film the positives were
scanned with a high quality film scanner, the pic-
ture was trimmed so that only the interesting area
remained. Every trimmed photo then ended up in black
and white containing about 37 Megapixels. A magni-
fied part of the shear span is shown in Figure 4. The
picture shows also a schematic division of the pattern
into sub-pictures. One of the sub-pictures is shown in
Figure 5. This sub-picture is then subjected to a thresh-
old value making dark colours black and light colours
white as shown in Figure 6. The centre of gravity for
the sub-picture is calculated. The larger sub-picture
that is chosen the better the accuracy becomes. On
the other hand the centre of gravity is calculated for
the whole sub-picture, which then will give the aver-
age position for the sub-picture even if there is non
uniform strain distribution within it. Because of the
large number of pixels within the sub-picture, the accu-
racy of positioning becomes high. With use of speckle
correlation the same sub-picture is found in the sec-
ond loading condition even if it has deformed, moved
or been slightly damaged. For the evaluation the size

Figure 5. Magnification of sub-picture.

Figure 6. Sub-picture after threshold.
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of the sub pictures is chosen as desired. The distance
between sub-pictures may also be chosen as desired.
Sub-pictures can be overlapping or have a certain dis-
tance between. For these test it was found satisfactory
with sub-pictures of 128 × 128 pixels with 128 pixels
between centres.

3.3 Grid method

This method implies that a uniform net in a divergent
colour is painted or bonded to the studied area. The net
may be in form of points bonded in a defined pattern
or lines can form a uniform mesh. The method to cal-
culate the strains is the same as for a speckle pattern.
The big difference is that with the grid method, the grid
must be defined before the tests are made. The gauge
length can to a certain amount be chosen after the tests
by eliminating some points in the evaluation. Another
difference is that the accuracy is lower for this method
since the centre of gravity cannot be determined as
good as for the speckle pattern. This method has been

Figure 7. Strain gauges along expected crack.

Figure 8. Largest principal strains.

used for monitoring of shear before. Because of the
lower capacity of the grid method and use of less good
cameras it has only been used for crack location, not for
strain measurements. This may be found in Jeppsson
(2000), Wiberg (2003) and Avril et al. (2004).

3.4 Strain gauge measurements

The tested beams were monitored with strain gauges
on the opposite side of the beam but in the same shear
span. Previous test have shown approximately where
the final shear crack forms and based on this informa-
tion strain gauges were placed in three rows along this
expected shear crack.

The mid row contained rosette strain gauges. Two
of the individual gauges of the rosette were placed in
the beam’s longitudinal, and transverse direction. The
third was placed in the 45-degree angle. The place-
ments of the gauges are shown in Figure 7. In total
35 gauges were placed for measuring of strains in
the shear span. When studying one of the precracked
beams, the rosette gauges were placed along the crack.

4 RESULTS

4.1 Measuring techniques

The obtained results from the speckle pattern corre-
lation method are very comprehensive. One can plot
shear strains, principal strains, or strains in any arbi-
trary direction. Here is only one plot presented. The
results from these area strain measurements is suit-
able to compare with finite element analysis since it is
in the same format and is possible to import to the
post processor. In Figure 8 a plot of the measured
largest principal strains is shown where only the most
interesting area is presented. The light coloured areas
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are showing high tensile strains and darker areas are
showing lower principal strains.

From Figure 8 it is obvious that placement of
gauges, only measuring in a local point, is highly
affecting the readings. Small movements within the
studied area will give large differences in strain read-
ings. However, strain readings from gauges correspond
well with corresponding strains obtained by speckle
pattern analyses.

4.2 Strain distribution

First, there is a fairly good agreement between strain
distributions measured from tests and theoretically cal-
culated strain distribution. It is clearly shown that the
highest strain is in the centre of the beam. When study-
ing strains in the upper (compressed) part of the beam,
it is interesting to notice that fibres actually are com-
pressed for fibres applied in a 45◦ direction Figure 8
is plotted for a rather low load within the service limit
state. It can clearly be found that the strains are not uni-
formly distributed over the shear span. The plot also
shows that two possible shear cracks can be identified.
With higher loads the region becomes more cracked
which verifies that the shear span is not subjected
to one crack separated by rigid body motion, as may
be believed after failure, but is more a cracked zone
without any rigid body motion.

One beam was not loaded to failure but was
unloaded just prior failure and the fibres were
removed. From this beam it was possible to detect the
cracked zone that was found from the strain measure-
ments with the speckle method. For beams that were
wrapped, a redistribution of strains was detected when
the fibres debonded. Because of wrapping the fibres
still contributed to the bearing capacity and the strain
distribution was more uniform. The debonding started
from the crack and propagated outwards. For the tested
beams the average strain distribution factor, η, for not
debonded fibres were in the range of 0.6 to 0.7 for all
cases.

4.3 Conclusions

4.3.1 Measuring technique
The speckle pattern correlation method is an effective
way of measuring strain fields. Strains can be mon-
itored over an area in a cost-effective way, and the
use of wires and amplifiers can be reduced. The only
equipment needed are a good camera, ordinary stu-
dio flashes or other source of light, and a pattern on
the surface. Measurement of strains with strain gauges
in distinct points is not a suitable recording technique
for studying behaviour of beams in shear. Strains are
highly affected of distance to nearby cracks and gauges
in distinct points may not only give uncertain values
but also sometimes be misleading.

Photographic strain measurements offer a wider
range of strain to be measured compared to traditional
foil gauges. Sometimes an adjustable gauge length is
preferable; with the presented method the gauge length
and size of sub-pictures can be adjusted and combined
to optimise accuracy.The redundancy of the measuring
system is very good, even after damage of the used pat-
tern the analysis gave valuable information. Further, if
a sub-picture is not recognised between the two stages
there are still several others to base the analysis on.

There are not only advantages with the presented
method but also some drawbacks. One issue is the lack
of experience in civil engineering using this kind of
measuring technique. This is further discussed in the
next paragraph together with suggestions for research
areas.The equipment used is covetous for thieves com-
pared to foil gauges that mean that its cameras cannot
be left on a site without supervision. The method will
not give continuous measurements and the results are
not present at time of testing. This might be changed in
the future but at this time the amount of data processed
is so large that it cannot be done in real-time during
testing. Because of this, photographic strain measure-
ments should be used together with a limited number
of strain gauges.

The method is not only suitable for measuring of
strain fields in shear spans but may also be used for
monitoring behaviour of two-way slabs, neutral axis
in bending just to mention a few possible areas.

4.3.2 Strain distribution
The strains are not uniformly distributed over the
cross-section of a rectangular beam. If using the truss
model, a reduction factor for the strain distribution
over a cross-section must be considered because of
the linear elastic behaviour of the fibres. This is the
case not only in ultimate limit state but also in service
limit state regardless of debonding and the so-called
rigid body motion. With satisfactory anchorage such
as wrapping, strains can be redistributed which gives a
higher load bearing capacity. However, for this to hap-
pen it is important that the fibres debond prior fibre
rupture. The limits for validity of the addition formula
must first be completely understood if the debonding
redistribution is to be calculated for.

The presented strain measurements are in accor-
dance with theoretical models. For rectangular beams
the value 0.6 is recommended for engineering design,
covering a wide range of possible load cases.

5 DISCUSSION

In conclusions, founded advantages and drawbacks
with the presented method have already been stated.
There are also some uncertainties that should be inves-
tigated further before researcher and society will have
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the same confidence in using photographic strain
measurement methods as for strain gauges. However,
speckle pattern analysis has been used extensively in
other areas and the research has gone further but has
also to some extent become more complicated. Today,
laser is sometimes used and with several cameras the
method can measure three-dimensional strains and
deformations. For civil engineering problems it is most
likely that white light measurements is the most con-
venient with size of specimens and nature of tests
in mind.

The most obvious issue to be studied is the limita-
tions of the method. Depending of desired accuracy
and area studied, the resolution of the camera equip-
ment is critical. Every photo used in analysis contains
a tremendous amount of information collected in one
exposure. Critical for the quality of the photo are the
speed of the studied object and the shutter speed of
the camera. This means that it is important to find out
the limits for the load rate and possibility to measure
dynamic loading. The pattern is also very important.
However, it is not completely understood how the pat-
tern can be made to give reliable results with practical
aspects in mind.The used pattern and the sustainability
of the colours are important for the “gauge” lifetime.
With adjustments of threshold values in the analysis
it is possible that larger colour changes of the studied
area to some extent can be acceptable and treated but
to what extent is very uncertain.

One problem area in strengthening concrete struc-
tures with FRP is anchorage and peeling stresses. This
has always been discussed but has been very difficult
to measure. It is believed that the presented method
can be used for very small areas and that, for instance,
the peeling strains can be measured along the bond
length. On the other end, in civil engineering it may
in some cases be interesting to study large structures
like whole bridges. With a larger object the resolution
of the measurements will decrease but other issues, if
measuring outside laboratory, such as convection in
the air must also be kept in mind.

Until today, traditional cameras combined with
scanners have been superior compared to digital cam-
eras in respect of resolution. Since digital cameras are
improving and somewhat giving different information
on pixel level, it is probable that these cameras will
be competitive for several applications. The use of
digital cameras would be a great step towards auto-
matization. Measurements that then may be used in
combination with numerical models and structural
health diagnostics.
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ABSTRACT: This paper describes an experimental investigation on the behavior of reinforced concrete
columns externally strengthened with carbon fiber-reinforced polymer (CFRP) material. Studied columns were
designed to be representative of buildings structural component. Four types of commercially available tech-
niques of reinforcement, using plates, unidirectional or bidirectional composite fabrics, were tested. It was
considered as necessary to get information on a wide spectrum of carbon fiber-reinforcement technique in order
to provide a satisfactory set of experimental data for validating future suitable retrofitting design methods. The
ten representative-scale square columns were tested under eccentric loading. Presented experimental results
show that a significant improvement of the strength capacity and ductility of columns can result of the CFRP
application. However, the observed gain strongly depends on the reinforcement techniques.

1 INTRODUCTION

The strengthening of flexural members by FRP plates
or fabrics externally bonded to their tension face has
been well studied and documented (ACI Committee
440 2000, fib-Bulletin 14 2001, Hamelin 2001) and
is a commonly accepted and widespread technique.
A typical application deals with the rehabilitation of
damaged reinforced concrete beams.

More recently, experimental investigations have
demonstrated the efficiency of external confinement
of columns by the wrapping of FRP sheets. Usually,
the jacketing is achieved by saturating fiber wrap in
special epoxy formulation that allows them to be eas-
ily wrapped around columns. This technique provides
a passive confinement that has been proven to increase
the compressive strength of concrete.

As a combination of these two techniques, engi-
neering departments of FRP planners and applicators
usually propose to associate a flexural strengthen-
ing with a confinement by wrapping for column’s
retrofitting. The flexural strengthening can be carried
out by prefabricated laminates or FRP sheets. Its main
advantage is to moderate effect of eccentric loads that
might lead to columns buckling.

Studies conducted so far on external strengthen-
ing of concrete columns have mainly concentrated on
concentric loading and on retrofit systems designed
for confinement only (no flexural strengthening)
(Saadatmanesh et al. 1994, Lau & Zhou 2001).

However, in practice, structural concrete columns
perfectly axially compressed rarely occur. Therefore,
due to existing strain gradient in the confining wrap,

a non-uniform confining pressure is applied and the
stress–strain relationship for the concrete varied on the
column cross section. Then an accurate analysis can
only be carried out by numerical simulation consider-
ing complex stress–strain model for confined concrete
(Mirmiran et al. 2000). Moreover, it was experimen-
tally demonstrated that the flexural deformation of
the column reduces the efficiency of the FRP jacket
(Nanni & Norris 1995, Chaallal & Shahawy 2000,
Parvin & Wang 2001).

This research thus proposes to investigate the
behavior of RC columns externally strengthened with
longitudinal and transverse CFRP retrofitting under
combined flexure–compression.

The prior experimental investigation of Chaallal &
Shahawy (2000) demonstrated that the strength capac-
ity of beam-columns improved significantly as a result
of the coupled action of the longitudinal and the
transverse weaves of the bidirectional composite fab-
ric. To study this concept of coupled reinforcement,
Quiertant et al. (2004) have tested different types
of commercially available techniques for (longitu-
dinal) flexural reinforcement and (lateral) confine-
ment. Various combinations of plates, unidirectional
and bi-directional composite fabrics were investi-
gated. Tested columns were design to be represen-
tatives of bridges structural applications, and were
eccentrically loaded up to failure. The main conclu-
sion of this preliminary study was that the strength
capacity and ductility of columns improved signifi-
cantly thanks to CFRP application but a large differ-
ence in ductility was observed between reinforcement
techniques.

603



As a continuity of this previous work, the presented
experimental study investigates the reinforcement
effectiveness of the same combination of retrofitting
techniques (longitudinal and lateral reinforcement)
applied to columns with inferior quality of concrete
and insufficient amount of transverse reinforcement
which might be found in old buildings. The considered
loading is the eccentric compression.

2 EXPERIMENTAL PROGRAM

2.1 Program

The experimental program consisted of the testing
of ten square columns loaded under combined axial-
flexural loading up to failure. The program comprised
five groups of two identical specimens; a first group
of two control columns (CC-a and CC-b) and four
groups of similar columns but externally strengthened
with 4 kinds of CFRP combining longitudinal and
transverse reinforcement. The specimens were labeled
as ESX-a and ESX-b for the two columns externally
strengthened using the technique labeled X. In a same
group, the external reinforcement was the same for
each specimen. Repeating twice experiments was an
experimental choice to increase the confidence level
in the obtained results.

2.2 Test set-up

In order to test representative full-scale columns, it was
necessary to create a loading frame capable of bring-
ing stout specimens to failure. Assumptions based
on previous experience in testing confined cylinder
(Clement et al. 2000) were made on the concrete
strength when reinforced with two layers of CFRP
materials. Then, the design of the testing frame was
based on a global vertical load capacity of 4.4 MN
applied by four annular hydraulic jacks (filled in par-
allel within the same servo-controlled closed loop)
inserted in a closed frame made of struts and ties and
fixed to the strong floor (Fig. 1).

Basically, a vertical load is applied by hydraulic
jacks between the lower and middle plates. While the
middle plate is fixed on the strong floor, a vertical
displacement of the lower plate is resulting from the
jacks thrust. Lower and upper plates are linked by ties.
Then consecutively to the displacement of the lower
plate, a displacement of the upper plate is generated,
also directed downwards.

Steel diffusion elements (called caps, Fig. 2)
were designed to receive the load applied by plates
and to transmit that loading 20 mm eccentrically to
the column, thus generating the combined flexure–
compression load. It corresponds to a nominal devia-
tion accounted for in French design rules for columns.
This magnitude of eccentricity was chosen in order

to place the entire column under compression during
the first part of the test. This is a particularly inade-
quate loading for the external reinforcement that can
lead to local debonding of composite material and/or
to local axial buckling of fibers. However, when bend-
ing becomes to be sufficiently pronounced, one side
of the column is in tension.

The bearing zone of caps on plates is realized with
partially spherical shapes of the cap thus forming a ball

Upper plate 

Upper cap 

Tested column

Lower cap 

Middle plate 

Jacks

Lower plate 

Figure 1. Test set-up for combined flexure–compression.

Upper plate

Upper cap 

Loading axis Column
axis 200 mm

Eccentricity: 20 mm

Ball joint

Figure 2. Principle of load application device (cap).
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joint (Fig. 2). This kind of bearing ensures a free rota-
tion of the column. Symmetrical bearing conditions
are provided by the lower cap and upper cap. Particular
care was taken of the experimental boundary condi-
tions (lubrication of the ball joint, connection between
the column and the cap ensured by a high strength
grout) and the effectiveness of the mechanical scheme
was checked during the tests.

2.3 Tested specimens

2.3.1 Details of tested columns
Tested columns had a 200 × 200 mm2 square cross sec-
tion and an overall height of 2,500 mm. For all the spec-
imens, a unique batch of self-compacting concrete was
delivered by a local supplier. The specimens were cast
in moulds with chamfered corners in order to avoid the
premature fracture of the CFRP fabric due to kinking,
and to enhance the confining effect of the wrap.

2500

252

70

160

 60 

# 12

# 6
20

Figure 3. Reinforcement details of tested columns (dimen-
sions in mm).

Table 1. CFRP strengthening configuration of columns.

Specimen series Flexural reinforcement CFRP wrapping material Wrapping configuration

CC None None None
ES1 Six type x plates on each side One layer of type 1 woven sheet Continuous spiral
ES2 One layer of type 2 stretched sheet One layer of type 2 stretched sheet Discontinuous rings
ES3 Two type y plates on each side One layer of type 3 stretched sheet Discontinuous rings
ES4 One layer of type 4 stretched sheet One layer of type 4 stretched sheet Discontinuous rings

The dimensions and details of internal reinforce-
ment are shown in Figure 3. A low amount of inter-
nal reinforcement was planed to be representative of
ancient building application when retrofitting should
be necessary.

2.3.2 External strengthening
Except for the two reference specimens, two layers of
CFRP were bonded on columns. A flexural reinforce-
ment was first achieved by a unidirectional composite
(plate or sheet) bonded in the axial direction. Then
each column was externally confined by transverse
composite straps wrapped in a continuous spiral or in
discontinuous rings (Table 1). Such methods, widely
recognized, permit to exert a lateral pressure that
increases strength and ductility of concrete in the axial
direction (Saadatmanesh et al. 1994).

Structural analysis and resultant design was carried
out by the authors while the strengthening of columns
was accomplished by technical professional teams
using their own procedures and products to ensure the
representativeness of experimental results. It must be
emphasized that the intent of the column’s strengthen-
ing design was to cover a wide range of strengthening
rates and techniques. Based on this consideration,
it is easy to understand that no mechanical or cost
equivalence was targeted for the studied strengthening

Flexural reinforcement 

Axial lap joint 

Confinement by wrapping
(individual rings) 

Transverse lap joint 

Figure 4. Principle of column’s reinforcement.
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Table 2. Manufacturers reported CFRP system properties.

Carbon fiber product Thickness (mm) Tensile modulus (GPa) Tensile strength (MPa)

Type 1 woven sheet – of fibers: 240-221 of fibers 4,900-4,510
of one layer of CFRP: 0.43 of CFRP: 105 of the CFRP layer: 1,400

Type 2 stretched sheet of the dry sheet: 0.117 of fibers: 240
of one layer of CFRP: 0.334 of CFRP: 84 of the CFRP >1,050

Type 3 stretched sheet of the dry sheet: 0.13 of fibers: 230 of fibers >3,500
Type 4 stretched sheet of the dry sheet: 1 of fibers: 235 of fibers 3,450

of one layer of CFRP: 1 of CFRP: 62-70 of the CFRP: 620-700
Type x plate of a plate: 1.2 of plate: 180 of plate: 3,000
Type y plate of a plate: 1.2 of plate >165 of plate >2,800

Table 3. Average mechanical properties of concrete.

Modulus of elasticity 27.2 GPa
Poisson’s ratio 0.19
Tensile strength 3.0 MPa
Compressive strength 40.1 MPa

techniques. The type 4 dry stretched sheets were satu-
rated in special epoxy formulation before being laid to
the columns. For other strengthening using dry sheet,
CFRP was fabricated by the “wet lay-up” technique;
that is, the dry sheets were placed on the surface of the
column and then impregnated with epoxy resins. Prior
to such laying of the sheets, adhesive was applied to
column surfaces. The type 1 dry sheet was hand-laid
with a winding angle (between transverse direction of
column and fill direction of the fabric) of 20 degrees.
In all cases, a unique epoxy formulation was used for
saturant and adhesive.

The CFRP system manufacturer’s reported material
properties are shown inTable 2.The type 1 woven sheet
is a bidirectional fabric (70% of fibers are in wrap
direction).

2.3.3 Mechanical properties of concrete
In order to evaluate the effectiveness of external rein-
forcement by a comparison with reference columns,
it was necessary, firstly to cast a set of 10 similar RC
columns, and secondly to check that mechanical prop-
erties of the columns concrete remain stable all through
the experimental program. This material analysis was
necessary due to the long duration of the experimental
study as compared to the age of columns (the first col-
umn was tested at the age of 309 days, 138 days before
the last column).

A total of 30 concrete cylinders were cast at differ-
ent steps of the casting of columns. These cylinders
were tested at different age. According to the obtained
results, the mechanical properties listed in Table 3
can be satisfactory used to conduct future structural
analysis for all the columns tests.

Three-element strain gauge rosette

Axial gauge Lateral gauge 

Side with larger compression
(south)

Side with smaller compression
(north)

West side 

East side

775 mm 

Up Down 

a    b

475 mm

Figure 5. Details of the external instrumentation by strain
gauges.

2.4 Structural monitoring

All specimens were instrumented using surface strain
gauges both on the longitudinal and transverse direc-
tion on each face of the specimens (Fig. 5). Strain
gauges were glued on concrete surface for control
columns and on CFRP outer layer for other speci-
mens. The strains on the internal steel reinforcement
were also monitored. The deflections were recorded
at 7 locations and the axial displacement was mea-
sured by 2 sensors.The applied load was recorded with
four load cells. On the whole, 56 measurement chan-
nels helped describing the structural behavior of the
columns. This extensive measurement program will
be useful for calibration of future FE modeling and
definition of serviceability and ultimate limit states
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Figure 6. Load–axial strain curves on side with larger
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Figure 7. Load–axial strain curves on bars near the side with
larger compression (CC-b).

for design recommendations. Only main results are
presented in the following.

2.5 Loading procedure

The load was increased monotonically up to 70% of the
expected failure load, with a constant 1 kN/s loading
rate.Then the jack displacement was used as the servo-
control parameter (∼0.08 mm/s) that helps recording
post-peak behavior, provided the failure is ductile
enough. Due to an operator error, loading was the only
control parameter during the test of specimen ES3-b.
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Figure 8. Load–axial strain curves of bars near the side with
lower compression (CC-b).
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Figure 9. Load–axial strain curves on side with lower
compression (CC-b).

3 MAJOR RESULTS

3.1 Validation of testing process and analysis
of hypotheses

Within the hypotheses of the strength of materials the-
ory and considering a homogenized inertia for the RC
column, it is possible to predict the axial strain, at
mid-height on the surface of the sides with respec-
tively larger and smaller compression. With the same
hypotheses, strains of the longitudinal reinforcement
can be determined at mid-height. Compared with
experimental data in the elastic part of the column
behavior, results of this calculation permit to estab-
lish the validity of the loading set-up (Figs. 6–9). In
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Figure 11. Load–mid-height deflection curves of all specimens.

addition, the failure of most of the specimens near
the mid-height confirms the dominant role of elastic
second order moment.

The validity of the choice of magnitude of eccen-
tricity, to obtain on one side the transition from
compressive loading to tension, was checked. This
evolution of the axial strain recorded on the side here
called “side with lower compression” (see Fig. 5) is
illustrated in the Figure 10. Such transition is due to a
second order moment growing with the deflection of
the column.

3.2 Bearing capacity and failure mode

A comparison of load–deflection curves between
externally strengthened columns and the reference
specimens is presented in Figure 11 for each series
of test. As a first remark, it can be empha-
sized that strength and deformability enhancement
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Table 4. Experimental results for strength and mid-height deflection.

Load (kN) Mid-height deflection (mm)
Rate of strength Rate of deformability

Specimen label Max. Average enhancement∗ Max. Average enhancement∗

ES1-a 1507 18.40
ES1-b 1649 13.56

1578 1.30 15.98 2.48
ES2-a 1262 22.65
ES2-b 1125 30.49

1194 0.98 26.57 4.13
ES3-a 1300 15.02
ES3-b 1544 17.52

1422 1.17 16.27 2.53
ES4-a 1482 30.11
ES4-b 1442 48.78

1462 1.21 39.44 6.13

∗ Average ESx/average CC.
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Figure 12. Typical longitudinal strain distribution on
mid-height section of RC column (CC-b).

strongly depends on the reinforcement technique.
Note that the word “technique” is used here with
a general meaning involving the choice of materi-
als for the making of the composite and the way
to lay it on the columns. Depending on the tech-
nique, the strength enhancement varied from 0.98
to 1.30. At present time, no definitive explanation
is proposed by authors to justify the ineffective-
ness of the retrofitting technique 2 (see Fig. 11 and
Table 4).

Both externally strengthened columns and refer-
ence specimens (except CC-a) failed by crushing of the
concrete and buckling of longitudinal bars on the side
with larger compression near the column mid-height,
as designed. The same mode of failure was observed
for column CC-a but on an upper section (about 80 cm
from the end of the column).
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Figure 13. Typical longitudinal strain distribution on
mid-height section of externally strengthened column
(ES4-b).

Rates of strength enhancement (basically calculated
here as the ratio of the average value of the two maxi-
mum capacity of strengthened columns to the average
value of maximum load of the reference specimens)
and deformability enhancement (defined with the ratio
of the maximum deflection until loss of stability) are
presented in Table 4.

For CFRP strengthened specimens, one could see
the hoop fracture of fibers during the last loading stage.
The failure of specimens by rupture of the CFRP jacket
due to hoop tension is the most common mode of fail-
ure for FRP-confined concrete (Lam & Teng 2003). In
this study, the CFRP jacket failure was always initiated
at a corner of the column at the most compressed face
and appears latter on the tensile face, during post-peak
behavior, when flexure of the column was increased.
Sound of snapping of the fibers could be heard near
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the failure load.The failure mode of presently reported
CFRP strengthened columns is much less brittle than
those described by Li & Hadi (2003) for high-strength
concrete columns.

3.3 Test data base for future design methods

Using data recorded by longitudinal strain gauge,
makes it possible to establish the longitudinal strain
distribution on mid-height section for RC columns
and for externally strengthened columns (Figs. 12–13).
These data are helpful to understand the flexural
behavior of the columns.

Table 5. Lateral strain on the side with larger compression.

Specimen Lateral strain Loading Failure of
label (microstrain) (kN) gauge

ES1-a −4275 1489 Yes
x x Yes

ES1-b −1531 1649 No
−1666 1457 No

ES2-a −2566 1230 No
−3926 1262 No

ES2-b −1902 1125 No
−2967 697 No

ES3-a −1411 1300 No
−1711 1269 No

ES3-b −5840 1543 No
x x No

ES4-a −1982 1482 No
−3990 1148 No

ES4-b −3409 1442 No
−5660 1353 No

Table 6. Mid-height deflection for loading steps of 500 and 1100 kN.

500 kN 1100 kN

Specimen Deflection (mm) Average Rate∗ Deflection (mm) Average Rate∗

CC-a 1.21 5.11
CC-b 0.65 3.24

0.93 1.00 4.18 1.00
ES1-a 0.73 2.94
ES1-b 0.88 2.99

0.81 0.87 2.97 0.71
ES2-a 1.68 5.59
ES2-b 2.12 8.24

1.90 2.04 6.92 1.66
ES3-a 2.27 6.50
ES3-b 1.46 4.93

1.86 2.00 5.72 1.37
ES4-a 1.71 4.84
ES4-b 1.74 4.97

1.72 1.85 4.91 1.17

∗ Average ESx/average CC.

Nevertheless, the observed failure of specimens is
the rupture of the CFRP jacket due to hoop tension.
The maximum hoop strain in FRP recorded during
test can be then considered as mostly significant for
design consideration. The experimental values of lat-
eral deformation for a loading near failure of columns
are reported onTable 5. On the last section of this table,
it is specified if the gauge was broken after the failure
of the specimen. For CFRP columns it never happened,
due to the location of gauges that were not on the
corner of columns where the fracture of the external
strengthening jacket was always initiated. Note that
the lateral strain of CFRP at failure of specimens is
much lower than the CFRP material ultimate tensile
strain reported on Table 2. This was ever underlined
by Lam & Teng (2003).

3.4 Flexural stiffness

Deflections recorded for two loading steps are reported
in Table 6. It can then be concluded that the com-
posite material has not contributed to significantly
enhance the flexural stiffness of columns during this
part of the loading. Moreover it is surprising that for
the two loading considered, average deflection of refer-
ence columns is smaller than three of the four average
deflections of strengthened columns. In design con-
sideration, the longitudinal external strengthening is
applied to reduce the curvature of the column and
consecutive secondary moment, hence limiting the
induced compression and the concrete cracking on the
tensile face. This kind of reinforcement mode was not
here clearly demonstrated.

610



4 CONCLUSION

Depending on the CFRP strengthening technique (type
of material and bonding process), significant increase
in deformability and strength can be achieved for
columns under combined flexural–compressive load-
ing. The maximum strength enhancement was char-
acterized by a ratio of 1.3. A ratio of 6.13 was
obtained for deformability enhancement. Neverthe-
less, the external strengthening efficiency was shown,
in the condition of our study, to be strongly dependant
of the chosen technique. But considering the accept-
able dispersion of results for the columns strengthened
using the same technique and the fact that the inspec-
tions of specimens before and after the tests have
not revealed significant default, authors conclude that
the large difference observed on bearing capacity is
representative of efficiency of the different techniques.

For the coupled strengthening methods tested, the
expected strength enhancement was a result of the
combined action of the longitudinal and transverse
strengthening. Presented results show that when the
transverse jacketing is strong enough, it enhances the
compressive capacity of concrete through confine-
ment action. Moreover, it is evident that the lateral
pressure exerted by the straps also provides additional
support against buckling of longitudinal bars. How-
ever, contribution of flexural reinforcement to strength
enhancement was not clearly established in the tested
strengthening configuration.

Experimental results presented in this paper and the
related considerable database can be used as templates
for future validation of CFRP strengthening design
methods. Moreover, evidence was obtained that a uni-
fied model for concrete confined by different types of
CFRP must consider the actual hoop rupture strain of
CFRP rather than the ultimate material tensile strain.
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Retrofit of two-column bridge piers with diamond-shaped columns
for earthquake loading using CFRP
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ABSTRACT: This paper presents the seismic performance of two-column bents with diamond shape columns
and suggests retrofit methods. The bents are from the main structure of a freeway bridge in Las Vegas, Nevada.
The diamond shape of the columns is unique to this bridge. This bridge was built in the late 1960s. Two identical
quarter-scale specimens were built. One two-column bent was tested as built and the other was retrofitted and
tested using one of the shake tables at University of Nevada, Reno. The bents were tested in the strong direction
of the columns, subjected to the 1994 Northridge earthquake until failure. The as-built specimen failed due to
shear failure of a column. The columns of the second specimen were wrapped with carbon fiber reinforced
plastic (CFRP). The performances of the retrofitted and as-built specimens were compared.

1 INRODUCTION

Most of the bridges in California and Nevada were
built before the 1970s. These bridges lack the nec-
essary details to provide sufficient ductility capacity
for dynamic loading caused by earthquakes. The 1971
San Fernando earthquake caused extensive structural
damage to this type of structures. The deficiencies for
concrete bridges include insufficient shear strength,
confinement, and structural detailing. These deficien-
cies usually cause non-ductile and unexpected modes
of failure. Structural design codes have evolved to
include the effect of seismic forces and are updated
periodically to incorporate new information obtained
from earthquakes and research. The current seismic
philosophy is based on large inelastic deformations
and energy dissipation during strong earthquakes
and these seismic guidelines are applicable to new
constructions.

Bridges built prior to 1971 required to be upgraded
and retrofitted to resist strong seismic forces. Numer-
ous studies have been conducted on the seismic
behavior of bridge bents to understand the seismic
enhancement by steel and FRP jackets (MacRae et al.
1994, Sexsmith et al. 1997, Pantiledes et al. 1999,
Pulido et al. 2001). Retrofitted bridges have generally
performed well in recent earthquakes in Northridge,
California (1994) and in Kobe, Japan (1995).

The Nevada Department of Transportation has an
ongoing program to evaluate and retrofit existing
bridges in Nevada. Under this program it was decided
to study the vulnerability of a multi-span freeway
bridge in downtown Las Vegas to seismic forces

and develop retrofit methods to improve the seismic
performance of the bridge. The Viaduct can be divided
in two parts. One is the main structure and the other was
the ramp structures. The main structure has 24 spans
and the piers are two, three, or four column bents. The
columns are diamond shape. The shape of the columns
is unique to this Viaduct. The seismic retrofit study of
the main structure is presented in this paper. The study
on the ramp structure is reported by Johnson et al.
2003.

The objective of this study was to evaluate the per-
formance of two-column bents with diamond shape
columns and suggest methods to retrofit them to
withstand strong seismic forces.

The critical pier, the prototype, was selected based
on the highest plastic shear demand (Dong et al. 2003).
The main structure consisted of two, three, and four
column bents. The two-column bent was found to be
the most critical. Two identical two-column bents were
built to ¼ scale. One specimen was tested as built using
one of the shake tables at University of Nevada at Reno.
Based on the results of the as built test, the columns
of the second specimen were retrofitted using car-
bon fiber reinforced plastic (CFRP) jackets and tested.
This paper presents the experimental results from both
specimens.

2 AS-BUILT AND RETROFITTED SPECIMENS

2.1 As-built specimen

The as-built specimen (B2DA) was a quarter-scale
model of the prototype.The test specimens utilized real
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Figure 1. Test specimen dimensions.

concrete and real reinforcing bars as opposed to model
concrete and bars. Given the large size of the elements
in the model, it was believed that size effect would
not be an issue. The beam bars had been designed for
gravity. The shear reinforcement in all elements was
insufficient and the stirrups did not have proper hooks.
The beam-column joints had no shear reinforcement.
The column bases were detailed as a two-way hinge.

The longitudinal reinforcement of the columns was
2.6 percent in the plastic hinge region at the top of
the columns. The confinement reinforcement ratio of
the columns was 0.1% with spacing of the ties of 3 in
(76 mm) along the height of the column. The beam had
a maximum top reinforcement ratio of 1.0% at the face
of the columns and a maximum bottom reinforcement
of 0.84% at the midspan.

Figure 2. Column cross-sections.
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Figure 3. Beam cross-sections.

The confinement reinforcement ratio of the cap
beam was 0.5% near the beam ends. These values
were obtained from field data. On the day of test-
ing, average concrete compressive strength of the
beam was 6250 psi (43.1 MPa) and the column was
8100 psi (55.8 MPa) for the as-built and retrofitted
specimens. The overall dimensions of the bent are
shown in (Fig. 1). The column and beam sections at
different locations along the members are shown in
(Figs. 2 and 3).

2.2 Retrofitted specimen

The retrofitted specimen (B2DC) was identical to
the as-built specimen except for the column jackets.
The concrete and steel material properties were also
the same.

Carbon fiber reinforced plastic (CFRP) jackets
were used to retrofit instead of steel jackets in order
to retain the diamond shape of the cross section. Fiber
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reinforced plastic (FRP) jackets are easier to install
compared to steel jackets. Only the columns were
retrofitted as the failure of the as-built specimen was
due to the shear failure of the south column, which is
discussed later in this paper.

2.3 CFRP retrofit design

The primary purpose of the retrofit was to prevent the
brittle shear failure of the columns. The confinement
provided by the column ties was very small. Therefore
the number of layers of CFRP required in providing the
required minimum confinement stress was also calcu-
lated. The CFRP jackets were designed following the
California Department of Transportation (Caltrans)
design guidelines. Uni-directional CFRP jackets were
used since these allow the designer to increase the
shear capacity without significant increase in flexural
capacity or stiffness. FRP jackets (SCH-41) supplied
by Fyfe Co. Ltd. The design ultimate tensile strength
in the fiber direction is 108 ksi (744 MPa), with a ten-
sile modulus of 8900 ksi (61321 MPa), and the design
fiber strain used was 0.6%. The laminate thickness is
0.04 in (1 mm).

Minimum jacket thickness that is required to sat-
isfy the minimum confinement requirements was
calculated based on Caltrans specification.

• Minimum confinement stress of 300 psi (2.1 MPa)
in the lap-splice and/or plastic hinge zone with
maximum material elongation of 0.001 in/in in the
lap-splice zone and 0.004 in/in in the plastic hinge
zone.

• A minimum confinement stress of 150 psi (1.0 MPa)
and maximum material strain of 0.004 in/in must be
maintained elsewhere in the column, with appropri-
ate transition.

The jacket thickness is calculated for the average
confinement pressure required in both the short and
long directions of the column section. Expression for
calculating the jacket thickness is as follows

Where

fl = confining pressure
εj = strain in the jacket
Ej = elastic modulus of jacket material
ke = confinement efficiency factor, taken as 0.75 for
the diamond shape section
B = dimension of the column in the direction
considered.

In order to satisfy the minimum confinement
requirement 4 layers of CFRP must be wrapped in
the plastic hinge region and 2 layers in the rest of the
column.

Figure 4. CFRP layout on the retrofitted specimen.

CFRP jacket was designed for shear using a conser-
vative approach. The shear demand was obtained from
pushover analysis using Drain 3-DX (Seyed Mahan
1999) at a 5% lateral drift. This is a drift level causing
extensive non-linearity. A factor of safety of 1.7 (Sai-
idi et al. 2000) was added to the shear demand. The
concrete shear capacity was neglected due to the net
axial tension that could be generated in the columns
as the lateral force increases. The axial load assumed
to have no contribution to the total shear capacity
due to the possibility of the column being in tension.
Furthermore, only one-half the shear capacity of the
transverse reinforcement was taken into account. This
was because the tie hooks were not bent into the col-
umn core and that there was a possibility of bond slip.
The thickness of the CFRP jacket around the columns
was calculated using the following expression

Vsj is the design shear, h is taken as 80% of the total
section depth of the column in the strong direction,
and εj is the design fiber strain of the CFRP.

One layer of CFRP was required across the entire
length of the column. It was seen that the layers
required in the specimen to satisfy the minimum con-
finement was high and is four times more in actual
columns. Therefore the column was retrofitted for
maximum shear demand using CFRP hoping that with
the shear retrofit the ductility capacity of the bent will
be increased to an acceptable level. Figure 4 shows the
retrofit layout on the columns.
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Figure 5. Test setup for the as-built specimen.

3 EXPERIMENTAL PROGRAM

The specimens were instrumented using strain gages
on the longitudinal and transverse reinforcement to
measured strains. Novotechnik displacement trans-
ducers were used to measure the curvatures and the
bent displacements were measured using Temposonic
displacement transducers. Load cells were used to
measure the vertical and horizontal loads. Both spec-
imens had the same instrumentation with strain gages
at the same location to compare performances but
the retrofitted specimen had extra strain gages on the
CFRP jacket.

The test setup is shown in Fig. 5 and this was the
same for both the specimens. The vertical and lat-
eral loads were transmitted to the substructure through
steel transfer beam fixed to the bent cap. The ver-
tical load was applied to the bent through ties bars
prestressed using hydraulic jacks.

The lateral load was transmitted through an inertial
mass system. The as-built and the retrofitted speci-
men were subjected to the same loading protocol. The
earthquake record used was the 1994 Northridge Syl-
mar acceleration, and was simulated with gradually
increasing amplitudes in multiple runs. The initial run
was at ten percent of the actual record (0.10 × Sylmar),
but the multiplier was increased until failure. The time
scale was modified by a factor of 0.48 to account for
the quarter-scale of the model and the difference in
vertical load on the bent and the inertial mass on the
mass rig.

4 TEST OBSERVATIONS

4.1 As-built specimen

Shear crack at the beam ends started forming at
0.24 × Sylmar and significant flexural and shear
cracks were observed by 1.07 × Sylmar. But after this

Figure 6. Shear failure in the south column of the as-built
specimen.

the cracks at the beam ends stabilized while new cracks
were observed at the beam-column joints

Flexural cracks were observed on the columns after
0.36 × Sylmar. The main shear crack first formed at
the south column top at 1.75 × Sylmar. Finally the as
built bent failed due to shear failure of the south col-
umn at 2.25 × Sylmar. Figure 6 shows the bent after
failure. No major shear cracks were observed at the
top of the north column. The bent cap had extensive
shear and flexural cracks.

The first crushing of concrete was observed at the
south column base at 1.07 × Sylmar. North column
base started crushing during 1.25 × Sylmar. Crushing
at the south column top was at 1.5 × Sylmar but no
crushing was observed at the north column top.

4.2 Retrofitted specimen

At 1.0 × Sylmar long but thin shear crack formed at the
south beam end. Also several small shear and flexural
cracks were observed at the beams ends. In the subse-
quent events after 1.5 × Sylmar, new shear and flexural
cracks were seen in the joint region and adjacent to the
joints on both ends of the bent cap.

In the retrofitted specimen the cracks moved from
the beam ends to the joints as the intensity of earth-
quake loadings was increased. This phenomenon was
observed in the as-built specimen. Deterioration on
the columns could not be observed due to the CFRP
jackets. No ruptured fibers were observed in the CFRP
jacket on both columns.
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Figure 7. Beam-column failure of the retrofitted specimen.

Flexural cracks were seen at the bottom of the
beam. Spalling of concrete at the beam bottom first
occurred during 2.75 × Sylmar.The specimen failed at
the beam-column joints at 2.87 × Sylmar (Fig. 7). Fail-
ure was assumed as the lateral load carrying capacity
of the bent dropped by 20% of the peak load.

5 RESULTS AND DISCUSSION

5.1 Overall performance of the bents

The retrofit was effective in increasing the seismic
performance of the bent. Force-displacement hys-
teresis plots are presented in Figs. 8 and 9 for the
as-built and retrofitted specimens respectively. The
displacement ductility capacity of the as-built bent was
5.5 and the displacement capacity of the retrofitted
specimen was 9.6. This is a 75% improvement in
the displacement ductility. Figures 10 and 11 show
the force-displacement hysteresis envelopes for the
as-built and retrofitted specimens, respectively. The
displacement is measured at the top of the bent, rela-
tive to the fixed footing. Measured force-displacement
envelopes were idealized to elasto-plastic curves to
calculate the displacement ductility of the specimen.
The elastic portion of the curve starts at the origin
and passes through the event at which the first column
reinforcement yielded. Then the yield level was estab-
lished by equalizing the area between the measured
and idealized curves.

It is also noted that the peak lateral loads of both
specimens were approximately equal. This indicates
that there is no significant increase in the flexural
capacity of the bent due to the column retrofit and thus
no increase in shear demand on the columns compared
to the as-built specimen.

5.2 Measured strains

The longitudinal and transverse strains of the rein-
forcement in the critical sections of both specimens
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-50
-40
-30
-20

-10
0

10
20

30
40
50

-6 -5 -4 -3 -2 -1 0 1 2 3 4
Displacement (in)

F
or

ce
 (

K
ip

s)

-223
-178

-134
-89

-45
0
45

89
134
178
223

-152-127 -102 -76 -51 -25 0 25 51 76 102
Displacement (mm)

F
or

ce
 (

kN
)

Figure 9. Accumulated force-displacement plot for B2DC.

0

10

20

30

40

50

60

0.0 0.5 1.0 1.5 2.0 2.5 3.0
Displacement (in)

F
or

ce
 (

ki
ps

)

0

45

89

134

178

223

267
0 13 25 38 51 64 76

Displacement (mm)
F

or
ce

 (
kN

)

Measured Values

Elasto-plastic

µ∆ = 5.5, ∆u = 2.55 in∆y = 0.45 in

Figure 10. Force-displacement hysteresis envelope for
B2DA.

are compared by using plots of strains versus peak
displacement. The peak displacements measured from
each run and its corresponding strains are plotted. The
peak displacement was the maximum displacement
of the specimen in the predominant direction of the
earthquake.
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The tie bars at the top of the south column of the as-
built specimen showed high strains during the last run
which was consistent with the shear failure in the south
column. But it is noted that the strains in the retrofitted
column ties were very low and they remained low until
the failure of B2DC (Fig. 12). This shows that the
retrofit was successful in preventing shear failure of
the south column. The strains in the CFRP jacket were
very small and this justifies the fact that the column
was in no danger of shear failure (Fig. 13). The north
column tie bars had very small strains in both speci-
mens (Fig. 14). This is consistent with the fact that no
shear cracks were seen in the north column.

The longitudinal reinforcement in the columns had
very high strains, exceeding yield strain in both spec-
imens. The south column of B2DA had higher strains
compared to the strains in the north column (Fig. 15).
This is due the extensive plastic hinging in the south
column which in turn caused the column to fail in
shear. The strains in the longitudinal reinforcement in
the beam of both specimens were similar (Fig. 16)
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except that strains dropped in B2DC when the forces
started shifting towards the joint.

The stirrups in the beam at the south and north
end of both specimens had strains exceeding the yield
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strain. It was noted that the strains increased with dis-
placement and then either dropped or remained the
same (Fig. 17).This explains the formation of the shear
cracks towards the joint region observed during test-
ing as the input acceleration was increased. The shear
cracks that formed during the initial runs did not widen
or lengthen as new shear cracks formed closer to or at
the joint and thus taking the stresses away from the
existing cracks.

6 CONCLUSIONS

The following observations and conclusions were
drawn from the experimental and analytical studies
performed in the course of this research.

1. The measured displacement ductility capacity of
the as-built bent was 5.5, which was substan-
tially higher than the expected ductility capacity in
substandard bridge bents.

2. The plastic hinge at the beam ends extended into
the joint area during the latter events of the shake

table test. This was because the joint was not fully
rigid along its length due to the diamond shape of
the column.This shift in plastic hinge controlled the
increase in shear demand at the beam ends and thus
prevented shear failure of the beam.

3. Unidirectional fibers in the CFRP jacket in the
transverse direction did not increase the lateral load
capacity of the bent and thus the shear demand in
the columns.The stiffness of B2DA and B2DC were
approximately the same.

4. The displacement ductility capacity of the
retrofitted bent was 9.6. This is a 75% increase
in displacement ductility to that achieved by the
as built specimen. This confirms the effective-
ness of this retrofit method to improve the seismic
performance of the bent.

5. The CFRP jackets provided a large increase in shear
capacity of the column and thus changed the mode
of failure from shear failure of the column to failure
of the beam-column joints.
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ABSTRACT: For seismically insufficient buildings, to retrofit the RC partition walls using the carbon fiber
reinforced polymer (CFRP) is of particular interest at the present juncture in Taiwan after Chi-Chi earthquake.
This paper describes theoretical and experimental studies related to the seismic retrofits of the RC frames
containing walls using CFRP materials. Three “as built” RC frames with or without walls and two “retrofitted”
RC frames with walls had been tested under simulated seismic actions. Experimental observations and theoretical
analyses indicated that the shear resisting mechanism of the RC squat walls can be modeled as the struts and
ties, and that shear strength of squat wall can be reasonably predicted by the softened strut-and-tie model. The
test results of the retrofitted squat walls indicated that the CFRP with sufficient end anchorage is an effective
retrofitting measure.

1 INTRODUCTION

The poor performances of the low-rise RC buildings
with nonductile reinforcing details had been widely
observed during the Chi-Chi earthquake. This sim-
ulates an urgent need of seismic assessment and
retrofitting of these structures. However, seismic
retrofitting of each component of the nonductile RC
frames is extremely difficult and expensive. For-
tunately, the existing low-rise buildings in Taiwan
contain a lot of partition walls which are lightly rein-
forced RC walls. By retrofitting these walls as the
lateral-force-resisting elements, the existing frames
can be treated as members that are not proportioned
to resist forces induced by earthquake motions. This
retrofitting strategy may alleviate the strength and
deformation requirements of a nonductile RC frame.
Due to the greatly reduced cost, the retrofitting of
the existing buildings with nonductile frames is more
feasible.

Since these partition walls are detailed with tem-
perature reinforcement only, which might result in
insufficient strength. The common practice in Taiwan
now is to tear down the partition walls then to recast

with the RC structural walls. This retrofit scheme is
time consuming and causes tremendous inconvenience
to the residents. Seeking for the other alternative is of
ever-increasing expectance.

The repair of understrengthed or damaged rein-
forced concrete members by the external bonding of
carbon fiber reinforced polymer (CFRP) laminates
is becoming increasingly popular in the construction
industry. The use of CRFP laminates for this appli-
cation offers several desirable attributes, such as high
strength, resistance to corrosion, light weight, and ease
of handling. Retrofitting the RC partition walls by the
bonding of CFRP might be a feasible solution of the
aforementioned problem.

This paper describes theoretical and experimental
studies related to the seismic retrofits of the RC frames
containing walls using CFRP materials. Experimental
tests were conducted on wall specimens that were sub-
jected to reversed cyclic inelastic deformations repre-
sentative of earthquake loadings.Theoretical analyses,
based on the softened strutand- tie model (Hwang and
Lee 2002) and the ACI 318 building code (ACI 2002),
were performed to evaluate the shear strength of the
walls.
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2 EXPERIMENTAL PROGRAM

2.1 Test specimens

In all, five large-scale isolated specimens, one frame
and four walls, were tested. The test specimens are
identified as PF, WF-12, WF-12-FV, WF-12-FHV, and
WF-15. The dimensions and reinforcing details are
given in Fig. 1. In order to focus attention on the failure
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Figure 1. Geometry and reinforcement detail.

behavior of walls, the ductile detailing requirements
per ACI 318 building code (ACI 2002) was adopted
for the design of frames for all specimens.

Specimen PF was a pure frame, which intended
to draw a comparison between frame and wall. The
details of Specimen PF, shown in Fig. 1 (a), were
used repeatedly for the frames of the other wall
specimens.
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The test wall of Specimen WF-12 represented
approximately 0.6 scale model of a prototype partition
wall in a building. The test wall was 12 cm thick with
30 × 50 cm boundary elements. The overall length of
the wall was 350 cm and the height was 155 cm. The
vertical and horizontal reinforcement in the wall of
Specimen WF-12 was 0.2 percent of the wall cross
section [Fig. 1 (b)], which corresponded with the area
of shrinkage and temperature reinforcement.

Specimens WF-12-FV and WF-12-FHV had the
same existing wall dimensions as WF-12 but
retrofitted with CFRP laminates. Specimen WF-12-
FV was strengthened with four layers of CFRP lami-
nates, two layers for each side of wall. The fibers of
CFRP laminates for Specimen WF-12-FV were placed
in the vertical direction and the thickness of each layer
is 0.1375 mm. Total of eight layers of CFRP laminates
were bonded to Specimen WF-12- FHV, four layers in
the horizontal direction and four layers in the vertical
direction. The end anchorages of the CFRP laminates
were carefully considered and revealed in Fig. 2.

Specimen WF-15 contains a structural wall of
thickness of 15 cm. The vertical and horizontal

Figure 2. Detail of end anchorage of CFRP.

reinforcement in the wall of Specimen WF-15 was
approximately 0.5 percent of the wall cross section
[Fig. 1 (b)], which provided a threshold of the qualified
wall behavior.

The test specimens were cast vertically in timber
molds. Table 1 summarizes the material properties.

2.2 Test setup and procedure

The overall test setup is shown in Fig. 3. Horizontal
load was applied with three double-acting servocon-
trolled actuators, 1000-kN capacity each. The top
beams of the test specimens were clamped with two
steel beams to simulate the mechanism that the lateral
load is transferred from the strong diaphragm (Fig.
3). The footing was tied down to the test floor with
8 post-tension rods, and the horizontal movement of
the footing was further restrained by two end reaction
blocks. Fig. 4 presents the photo of the test setup in
this study.

The specimens were subjected to a reversed cyclic
loading based on displacement control. The loading
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Table 1. Material properties.

Concrete Steel CFRP (MRL-T7-250)

Wall & frame Base #3 #4 #6 #8 Ej fju εju
Specimen f ′

c (MPa) f ′
c (MPa) f ′

y (MPa) f ′
y (MPa) f ′

y (MPa) f ′
y (MPa) (GPa) (MPa) (%)

PF 22.8 23.4 – 443 571 466 – – –
WF-12 21.0 23.4 446 443 571 466 – – –
WF-12-FV 22.1 23.4 446 443 571 466 230 4102 1.8
WF-12-FHV 23.6 23.4 446 443 571 466 230 4102 1.8
WF15 22.6 23.4 446 443 571 466 – – –
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Figure 3. Schematic representation of the test setup.

Figure 4. Photo of test setup.
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pattern for the specimens consisted of two cycles at
lateral drift ratios, as shown in Fig. 5.

Applied horizontal forces were measured by cal-
ibrated load cells. Linear potentiometers were used
to measure displacements. Strains in the reinforce-
ment and CFRP were measured by means of electrical
resistance strain gages.

3 OBSERVED BEHAVIOR

Horizontal force-displacement hysteretic response
histories and final damage patterns for all specimens
are shown in Fig. 6. All the test specimens were
failed in shear. The failure mode of Specimen PF was
the flexural shear failure of columns near the base.
The failure mode of Specimens WF-12, WF- 12-FV
and WF-12-FHV was the diagonal compression fail-
ure in the wall web due to shear. Specimen WF-15 was
failed due to the interface shear at base.

Table 2 reports the peak measured strengths,
Ptest , as well as the calculated flexural strengths,
Py and Pn. Only the peak horizontal force of PF
exceeded the calculated nominal flexural strength Pn.
The maximum force-carrying capacities developed
by other wall specimens were less than the calcu-
lated yield strength Py, indicating insufficient shear
strengths.

Figure 7 shows the envelopes of load-deflection
response for all specimens. By comparing Figs. 7 (a)
and (b), it is clearly shown that the partition wall could
greatly enhance the stiffness and the strength of a RC
frame. As revealed in Fig. 7, the retrofitted specimens
WF-12-FV and WF-12-FHV developed much higher
strengths than the as-built walls WF-12 and WF-15.
The test results indicated that the retrofit of RC parti-
tion walls by the external bonding of CFRP laminates
is quite effective.

Due to the nature of brittleness of the shear failures,
the ductility issue is not pursued.

4 ASSESSMENT OF WALL SHEAR FAILURE

4.1 Softened strut-and-tie model

A rational model for determining the shear strength of
shear walls for seismic resistance has been developed
by Hwang et al. (2001).The proposed model, called the
softened strut-and-tie model, is based on the concept
of struts and ties and derived to satisfy equilibrium,
compatibility, and constitutive law of cracked rein-
forced concrete. The proposed model adopts the soft-
ening behavior suggested by Zhang and Hus (1998)
as the constitutive relationship of cracked reinforced
concrete.

Three strut-and-tie load paths (Hwang et al. 2001)
are proposed to model the force transfer within the
wall, and they are the diagonal, horizontal, and ver-
tical mechanisms as depicted in Fig. 8. The diagonal
mechanism is a diagonal compression strut. The ver-
tical mechanism includes one vertical tension tie
and two steep compression struts, and the horizontal
mechanism is composed of one horizontal tension tie
and two flat compression struts. For diagonal com-
compression failure, the shear strength of the wall
is defined as the concrete compressive stress on the
nodal zone reaching its capacity. The softened strut-
and-tie model was found to reproduce the available
test results of shear walls from the literature with
reasonable accuracy (Hwang et al. 2001).

In order to facilitate the routine design, a simpli-
fied approach of the softened strut-and-tie model was
also developed (Hwang and Lee 2002). It is found that
the simplified model is a useful and practical tool for
determining the shear strength of the walls failing in
diagonal compressions. More details of the simplified
softened strut-and-tie model are presented elsewhere
by Hwang and Lee (2002).

4.2 Evaluation of test results

It was reported that the walls with a barbell or flanged
section have a strength significantly higher than that
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Table 2. Measured data and comparison.

Comparison

Calculated Softened strut-and-tie ACI 318-02
Measured

Specimen Ptest (kN) Py (kN) Pn (kN) PSST (kN) Ptext/PSST PACI (kN) Ptest/PACI

PF 740.1 539 668.1 – – – –
WF-12 1664 2789 3048 1352 1.23 912 1.82
WF-12-FV 2215 3149 4692 1797 1.23 925 2.4
WF-12-FHV 2669 3171 4670 1861 1.43 1368 1.95
WF-15 2122 3378 4260 2088 1.02 1671 1.27

MEAN 1.23 1.86
COV 0.12 0.22
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Figure 7. Envelopes of load-deflection response.
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Figure 8. Softened strut-and-tie model.

of a rectangular section (Hwang et al. 2001). The
higher strength for the wall with boundary elements
is attributed to the improved end conditions of its
diagonal strut provided by the compression boundary
element. Web crushing usually occurs in the compres-
sive struts that intersect the compression boundary
element at the wall base. Therefore, load carried by
crushed struts can be transferred to higher or lower
struts depending on the stiffness of boundary element
(Oesterle et al. 1984).

In light of above argument, the damage patterns of
the boundary elements were clearly documented as
shown in Fig. 9. The depth of the diagonal strut as of

the softened strut-and-tie model is then defined as

where a is the depth of the compression zone at the
base of the wall, and b is the depth of the compression
zone provided by the boundary element. In this paper,
a was determined by the sectional analysis for the stage
when the extreme tensile steel reaches yielding, and b
was estimated as (Hwang et al. 2004).
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Note: b = measured value(calculated value by Eq (2))

(a) WF-12 (b) WF-12-FV (c) WF-12-FHV (d) WF-15

b=74 cm

b=37 cm

(73 cm)
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(73 cm)
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Figure 9. Damaged patterns of boundary elements.
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Figure 10. Angle of inclination for strut-and-tie modeling.

where hb is the depth of the boundary element; bb is the
width of the boundary element; Hn is the clear height
of wall web measured from the reaction beam to the
wall base; tw is the thickness of wall web; and �n is
the clear length of the wall web in the direction of the
shear force applied.

The angle of inclination θ of the diagonal compres-
sion strut becomes flatter due to the participation of
the boundary element. According to Fig. 10, the value
of θ is defined as

The shear strengths of test walls were calculated using
the softened strut-and-tie model (PSST in Table 2;
Hwang and Lee 2002) and the ACI 318 method (PACI
in Table 2; ACI 2002). For the prediction of the ACI
318 method, Eq. (21-7) was used and the strength
reduction factor was taken as 1.0. The average strength
ratio (Ptest/PSST) for the softened strut-and-tie model
is 1.23 with a coefficient of variation (COV) of 0.12.
The mean value and the coefficient of variation of the

test-to-calculated shear strength ratio byACI equations
were found to be 1.86% and 22%, respectively (Table
2). As seen in Table 2, the softened strut-and-tie model
(Hwang and Lee 2002) predicts the failure shears more
accurately than the equation of the ACI 318 building
code (ACI 2002).

5 CONCLUSIONS

The test results of the retrofitted squat walls indicated
that the CFRP with sufficient end anchorage is an
effective retrofitting measure. Experimental observa-
tions and theoretical analyses indicated that the shear
resisting mechanism of the RC squat wall can be
modeled as the struts and ties, and that the shear
strength of squat wall can be reasonably predicted by
the softened strut-and-tie model.

As an improvement to current wall retrofit design
methodology, it is recommended that the softened
strut-and-tie model be used to assess the shear strength
of RC walls, and that the insufficient RC partition
walls be retrofitted by using CFRP materials.
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Experimental study on the strengthening and repair of R/C wall-frame
structures with an opening by CF-sheets or CF-grids

A. Kitano, O. Joh & Y. Goto
Graduate School of Engineering, Hokkaido University, Sapporo, Japan

ABSTRACT: In this study, the first story in a multi-storied reinforced concrete structural wall with openings was
strengthened using carbon fiber sheets (CF sheets) and carbon fiber grids (CF grids).The effect of shear reinforce-
ment and repair on earthquake resisting behavior were examined with a horizontal forcing experiment for several
specimens having different opening positions and opening shapes. The maximum strength and deformability
were improved by the CF grid reinforcement of the wall irrespective of opening positions, etc. The deformability
was greatly improved by establishing vertical slits in the wall at the four corners of the opening, and reinforcing the
columns and sleeve walls using CF sheets. It was possible to evaluate approximately the ultimate flexural and shear
capacities of the test specimens in which the reinforcement method differs, by correlating with the fracture modes.

1 INTRODUCTION

Reinforced concrete structural walls overwhelmingly
increase the share of the horizontal force in seismic
force action in comparison with other members for
high rigidity, and are not a negligible influence in the
design of structural walls for the earthquake resistance
of the whole structure. Therefore, it is desirable that
the structural walls that are the original strength resis-
tive members, show not only strength in earthquake
action but can also be expected to show toughness
and consequently high input energy absorption per-
formance. We reported the possibility that reinforcing
the opening with CF sheets could be expected to have a
stiffening effect on those structural walls, having a
window or door opening between the columns and
a low shear capacity as designed according to previ-
ous Building Standards of Japan that had been applied
until 1971. In this report, we examine new reinforce-
ment methods using CF grids on walls and using CF
sheets wrapped on flange walls separated by vertical
slits set at the corners of window openings. The final
purpose is to propose that the strengthening method
produces both excellent strength and toughness in the
wall-column structures by reinforcing the wall and
adjacent columns.

2 TEST PROGRAMS

2.1 Description of test specimens

The configuration and bar arrangement are drawn in
Figure 1. The list of test specimens and the mechanical

properties of the materials are shown in Tables 1 and
2, respectively. The test specimens were assumed as
the first story of a one-span structural wall in a three-
story building, and were produced in a total of nine
bodies reduced in models to about 1/3 size (the ten
body minute in the test species). In these specimens,
a total of six bodies, consisting of four bodies which
had the window opening in the center of the wall and
two bodies in which the (vertical) door opening was
located in the column side as reported in a previous
paper (Matsuura, 2002). The test specimens in this
paper were the following: (a) a non-strengthened Spec-
imen WA-04S-01 with a localization door opening
(S-01), (b) Specimen WA-04S-RG that was repaired,
after it gave a horizontal force to Specimen S-01 up to
a drift angle R = about 10 × 10−3 rad, and the wall
strengthened with a CF grid and the column with
CF sheets (S-RG), (c) Specimen WA-04C-CWG (C-
CWG) which had a center window opening and was
strengthened in the same way as S-RG, (d) Specimen
WA-04C-CW3s (C-CW3s) that had four vertical slits
at the corners of the window opening and the columns
and sleeve walls strengthened with CF sheets. The
wall panels were 70 mm thick, had an inner width of
1600 mm, and an inner height of 1000 mm. An equiva-
lent opening periphery ratio of 0.4 was established.The
opening circumference was reinforced with reinforc-
ing steel according to theAIJ-RC Standard (AIJ,1999).
The cross sections of the columns on both sides were
200 × 200 mm2, and the inner heights were 1000 mm.

The column axial reinforcement was 10-D13
(SD345), hoops were 4f-@200 (expressed as a round
bar of 4 mm in diameter and 200 mm spacing)
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Figure 1a. Proportions and reinforcements of specimens.
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Figure 1b. Details of CF sheets and grids jacketing.

(equivalent to SR295) and wall bars were arranged
vertically and horizontally with 4f-@70 (SR295 equiv-
alent, SR345 equivalent for Specimen C-CWG). The
opening reinforcing bars were arranged with 2-6 f
vertically, horizontally and diagonally. For Specimen
S-RG, the severely flaking portions were replaced with
a cross-section repairing material in the cement series,
and the crack repair was carried out with epoxy series
resin. As for the CF grid strengthening method of
the wall of Specimens S-RG and C-CWG, firstly the
wall surface was blasted for adhesion force security
between the existing wall and the additional mortar.
The CF grid was then fixed by steel anchors 4 mm
in diameter and 200 mm apart on the wall surface.
The mortar was sprayed on each side to a thick-
ness of 15 mm. The total wall-thickness after the CF
grid reinforcement was 100 mm. As for the CF sheet
reinforcement method, after the surfaces of the con-
crete members had been blasted and chamfered, some
epoxy-system backing-material was applied to the

backward
loading

WA-04S-01

WA-04C-CW3

WA-04S-RG

WA-04C-CW3s

Perfect slit (w=42mm)

forward
loading

CF-grid (50mm x 50mm)
+mortal (t=15mm)

CF-sheets (w=30mm,
pitch=50mm, 3-layers)

Figure 1c. Variables in four specimens.

corner division (radius of 20 mm), and CF sheets of
30 mm width were stuck on after hardening using
epoxy system resin at 50 mm intervals in three lay-
ers. The CF sheet was fixed using L form steel
(35 × 75 × 10, outer size radius 20 mm) and M12 high
strength bolts (@50 mm) in the wall edge. In Speci-
men C-CW3s, the vertical slits, starting at the four
corners of the window opening in the wall, were estab-
lished in order to separate perfectly the sleeve walls,
the high waist-wall and the hanging wall. The columns
and sleeve walls were reinforced using CF sheets.
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Table 1. Variables of specimens.

Specimen Opening conditions Strengthening method σB (MPa)

WA-04S-01 Door opening located Non 17.5
WA-04S-R* at bottom and left side Repair + Column:S 25.5
WA-04S-CW3* height = 720 mm Column:S + Sleeve:S 23.5
WA-04S-RG width = 520 mm Repair + Column:S + Sleeve:G 21.8

WA-04C-00* Window opening Non 21.3
WA-04C-C3* located at center Column:S 24.6
WA-04C-CW3* height = 520 mm Column:S + Sleeve:S 21.8
WA-04C-CO3* width = 720 mm Column:S +Walls:S 22.6
WA-04C-CWG Column:S + Sleeve:G 21.5
WA-04C-CW3s Slits + Column:S + Sleeve:S 22.1

[Notes]*: reported in a previous paper, S: CF-sheets, G: CF-grids , Sleeve: sleeve-wall,
Walls: two sleeve-walls + hanging-wall + high-waist-wall, σB: concrete strength, Repair:
repaired cracks after pre-loading.

Table 2. Properties of materials.

Yield stress Yield strain Young’s modu. Elongation
Steel bar Grade (MPa) (µ) (GPa) (%)

Column bar: D13 SD345 399 2020 194 20.3
Hoop & wall bar: 4φ SR295 393 1990 195 24.2
Wall bar(C-CWG): 4φ SR345 529 4780 189 9.7
Opeing reinforcement: 6φ SR295 357 1760 201 20.8

Tens. Strength Young’s modu. Elongation Thickness for Sectional area
CFRP (MPa) (GPa) (%) design (mm) (mm2/string)

Carbon fiber sheet* 3480 230 1.5 0.111 –
Carbon fiber grid* 1400 100 1.5 – 26.5

Polymer mortal Comp. Strength Tens. Strength Bond strength Young’s modu. Young’s modu.
(example) σB (MPa) (MPa) (MPa) at σB/3 (GPa) at σB2/3(GPa)

WA-04S-RG 36.6 9.18 1.88 11.4 10.2
WA-04C-CWG 46.5 9.06 1.94 11 9.9

[Note]*: all values exhibited on catalog.

2.2 Loading method

Repeated static horizontal loads with displacement
increments were applied at loading heights equiva-
lent to a shear-span ratio of 1.13 in order to reproduce
the first-story stress-diagram in a three-story struc-
tural wall which receives uniform horizontal forces at
each floor. A constant axial force which corresponded
to an axial force ratio of 1/6 (= σ0/σB) was applied
to both column heads. The loading program was one
time forward and backward loading at R = 0.5 × 10−3

rad (hereafter, ‘×10−3 rad’ is omitted), and twice
repeated forward and backward loadings at R = 1, 2,
5, 10, 15, 20, 25, where R was the story drift-angle
measured between the top of the lower reaction-
beam and the bottom of the upper loading-beam.
Additional loading was then carried out at R = 30,
35, 40 for specimens which had relatively small
damage.

3 EXPERIMENTAL RESULTS AND
CONSIDERATIONS

3.1 Destruction

The loading system and common names for each part
are shown in Figure 2. The final distraction of each
specimen is shown in Figure 3. The whole deforma-
tions of the strengthened specimens at the ultimate
stage (R = 30.0) are shown in Figure 4.

S-01 (forward loading): Shear cracks of the sleeve
wall and of the lower part in the compressive column
widened at R = 5.1, and lateral reinforcements of the
wall and column around these cracks yielded. Finally,
just after the specimen reached maximum strength,
the lateral resistance rapidly lowered by shear failure
around such yield positions.

S-01 (backward loading): In the whole sleeve wall,
shear cracks were generated in great numbers, the
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specimen reached maximum strength at R = 8.3, and
the lateral resistance lowered by widening of these
cracks. Another shear crack widened in the lower part
of the independent column, which was in the compres-
sion side and without a sleeve wall, and the hoop near
the shear crack yielded at maximum strength.

S-RG (forward loading): A horizontal bending
crack starting from the opening side was generated

forward
loading

upper stab

hanging-wall

hcw

h=
22

46

compressive sleeve-walltensile sleeve-wall

high waist-wall

lower stab

compressive
column

backward
loading

axial
loading

tensile
column

Figure 2. Schema of loading system.

WA-04S-01

WA-04C-CWG WA-04C-CW3s

WA-04S-RG

Figure 3. Final failure of each specimen.

at the bottom of the sleeve wall, and the main bars
of the tensile column and vertical reinforcement in
the bottom of the sleeve wall yielded. After that, the
wall-column structure was rotated around the bottom
of a compressive column. The displacement increased
while the lateral resistance was maintained at an almost
constant value, reaching its maximum strength at
R = 19.3. In the region beyond the maximum strength,
the compressive column collapsed, and the bottom of
the sleeve wall and compressive column started sliding
in the loading direction.The lateral resistance lowered.

S-RG (backward loading): The main bars of the
tensile column yielded at R = 5.1, and the specimen
reached maximum strength.The vertical boundary line

WA-04S-01 WA-04S-RG

WA-04C-CWG WA-04C-CW3s

Figure 4. In-plane deformations of specimens at drift angle
of 0.03 radian.
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between the tensile column and the sleeve wall began
to open in the forward loading under the effect of the
bending crack that occurred at the bottom of the sleeve
wall along the stub. The whole sleeve wall then started
sliding in the loading direction, and the lateral resis-
tance lowered. The CF sheet around the lower part
of the tensile column broke due to this effect, and
degradation of the lateral resistance increased, since
the tensile column also started sliding with the sleeve
wall in the loading direction.

C-CWG (forward and backward loadings): The
main bars of the lower part in the tensile column
yielded at R = 5.0, and the stiffness reduced. Bend-
ing cracks along the top and bottom stubs widened,
the strain of the vertical wall bars increased, and
the specimen reached maximum strength at R = 14.1.
Afterwards, the concrete in the vicinity of the opening
corner crashed by compressive stress. Consequently
the right and left columns with the sleeve wall were
deformed in bending separately to each other. The
lateral resistance lowered with the progress of this col-
lapse. The compressive column and sleeve structure
wall then began to slip as with a one-body structure
(without separation at the boundary between the col-
umn and the sleeve wall) in the loading direction at
R = 20.0 along the bending cracks which occurred
laterally at the top and bottom stubs.

C-CW3s (forward and backward loadings): bending
cracks produced laterally along the bottom stub in the
sleeve wall of the compression side and the top stub in
the sleeve wall of the tension side, opened remark-
ably. The column and sleeve wall-structure in each
side was deformed in bending as a one-body struc-
ture, and reached its maximum strength at R = 15.2.
Afterwards, the sleeve walls near the top and bot-
tom stubs collapsed, and the lateral resistance was
gradually lowered.

3.2 Deformation vs. load relationship

Comparison of the envelope curves for all specimens
is shown in Figure 5.

3.2.1 Strengthening effect of structural walls with
an asymmetric door opening

The initial stiffness of repaired specimens S-RG and
S-R lowered a little in comparison with that of the
undamaged specimens, but remarkable differences
in the initial stiffness could not be observed in all
specimens. The maximum strengths of strengthened
specimens in both the forward and backward load-
ing directions were higher than those of the non-
strengthened specimen S-01 without relation to repair
and non-repair. Therefore, it can be said that when CF
sheet strengthening of the columns is minutely carried
out, the shear fracture in the early stages of the column
can be prevented and lateral resistance increased.

In forward loading, S-RG maintained its lateral
resistance higher than that of S-R by large deforma-
tion, while the maximum strength of S-R decreased
by shear fracture of the sleeve wall at R = 10.0. These
behaviors were caused by the effect in which the whole
wall-column frame deformed in flexure and rotated
around the bottom of the compressive column, since
the CF grid strengthening of the walls prevented shear
cracks widening of the sleeve walls of S-RG, and con-
sequently raised the rigidity. In comparison with S-RG
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and S-CW3, the reduction of lateral resistance of S-RG
caused by the bending crush around the lower part of
the compressive column, was small even at R = 25.0,
while the lower part of the compressive column in
S-CW3 could not keep yielding and collapsed in bend-
ing crush at R = 15.0 which rapidly caused lateral
resistance lowering. This performance of S-RG was
the effect of the additional plastered mortar in the CF
grid strengthening work, and was because the share
of the bending compressive force by the sleeve wall,
increased.

Lateral resistance rise of the strengthened speci-
mens against the non-strengthened specimens in back-
ward loading, was less than that in forward loading.
This was due to the sleeve wall sliding in the opening
side along the diagonal shear crack-line in the sleeve
wall for S-R, and along the lateral-bending crack at
the bottom of the sleeve wall for S-CW3 and S-RG
after dividing at the boundary between the column and
wall. Especially, since breaking the column CF sheets
caused not only wall sliding but also column sliding for
S-CW3 and S-RG, improvement in the strengthening
method for sliding is a future problem.

3.2.2 Strengthening effect of walls with a center
window opening

In C-CW3s, the initial stiffness lowered most in all
specimens, because the wall was divided into four
parts by the slits and a diagonal compression strut
in the wall was not formed. Specimens C-CW3 and
C-CO3 were able to prevent shear-crack widening in
the strengthening portions. However, there was not a
large improvement in lateral resistance and deforma-
bility, since the shear fracture in the non-strengthening
portions progressed. The whole wall of Specimen C-
CWG was strengthened by the CF grids and the wall
shifted to the flexure fracture mode, since shear crack
widening in the wall was prevented. Consequently,
there was a rise of 18.9% at maximum strength,
high lateral resistance was maintained in the large
deformation, and there was an improvement in the
deformability. When C-CW3s was compared with
other strengthened specimens, although the maximum
strength lowered, the mechanical properties of the
sleeve wall and column structures became that of a
one-body structure in each side by the slits set up at
the four corners of the window opening. Therefore, the
lateral resistance at R = 25.0 was the highest after C-
CWG among all the specimens, and the deformability
in large deformation was the best.

3.3 Comparison between measured and
calculated maximum strengths

Table 3 shows the measured horizontal force and story
drift-angle at maximum resistance with the calculated
values.

3.3.1 Ultimate flexural strength of RC
structural wall BQ

BQ is defined by Equation 1 as the minimum value
between the ultimate flexural capacity of structural
walls calculated as a one-body structure BQw (JBDPA,
2001) and the flexural capacity summing capacities of
the columns and of the sleeve wall BQcw.

Ultimate bending capacity of RC column-wall
structure evaluated as one-body systemBQw is defined
by the following:

where,
β: factor according to opening location
h: reflection height of one-body system (mm)

(=height of lateral loading, see Figure 2)
at : total cross-sectional area of column bars (mm2)
σy: yield stress of column bars (N/mm2)

σwy: yield stress of wall bars (N/mm2)
aw: total cross-sectional area of vertical wall

bars (mm2)
lw: distance between both columns (mm)
N : column axial force (N)
Ultimate bending capacity of RC column-wall

structure summing capacities of column-sleeve wall
system BQcw is defined by the following:

for door opening located eccentrically,

for window opening located in center,

hcw: reflection height of column with sleeve wall
(mm) (it appears at mid-height of the column
normally, see Figure 2),

a′
t : vertical cross-sectional area in virtual column

(mm2),
Ne: column axial force considering with variable

axial load (N).
A virtual column of which the width and depth were

equal to the wall-thickness and column depth respec-
tively, was established in the opening side of the sleeve
wall, as shown in Figure 6, and BQcw was calculated
using Equation 3. The height of the reflection point of
the column with the sleeve wall, was evaluated as the
height of the reflection point calculated in the portal
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Figure 6. Notation of column with sleeve wall.

Forward

diagonal
compressive
strut zoneA

Ae

r=(A-Ae)/A=0.86

45°

45°

Figure 7. Evaluation of decreasing ratio by opening.

frame consisting of the columns with and without the
sleeve wall and the beam with a hanging wall, by using
the D-value Method. However, the height of the reflec-
tion point was reduced considering the rigid zone in
the height direction and appeared by the high-waist-
wall for the center window-opening specimen without
the slits.

3.3.2 Shear capacity based on Hirosawa’s
modified equation sQh (AIJ, 1990)

sQh was obtained by multiplying a reduction factor
gamma γ to the shear capacity without any open-
ing. The factor was defined as (1 − Ae)/A, where Ae
was the area which the opening occupied in the com-
pressive diagonal strut zone, and A was the area of
the compressive diagonal strut zone, as shown in Fig-
ure 7. The CF grid strengthened specimens S-RG and
C-CWG seemed to change from the shear fracture
mode to the flexure fracture mode, since the shear
capacity increased highly by the arch mechanism
caused by the mortar used in the CF grid reinforce-
ment, in addition to the increase of the shear capacity
in the truss mechanism by the CF grid itself. The
compressive strength of the concrete was then esti-
mated as the weighted-average compressive strength
of the existing wall-concrete and additional mortar in
consideration of the weight given at both cross sec-
tional areas, and shear-capacity increment by the arch
mechanism of the concrete included in Equation 4.

forward backward

sQc sQw sQw sQc

pQc

sQc sQw
BQc

sQc

(pQc)

Figure 8. Relationship of shear capacities Q and their
positions.

where,
pte: reinforcement ratio of column axial bars

(= at /be × lw),
pwf : reinforcement ratio of CF sheets or CF grids

(= af /be × xf ),
xf : spacing of CF sheet or CF grid (mm),
af : cross-sectional area of CF sheets or CF grids

(mm2),
be: equivalent thickness of wall-column structure

(mm),
j: moment arm = lw

σf : tensile strength of CF sheets or CF grids (MPa),
σB: equivalent compressive strength of concrete

with polymer mortal (MPa),
σw: axial stress ratio of equivalent cross-section

(MPa),
α: reduction factor for opening defined by

Figure 7.

3.3.3 Shear capacity based on summation of shear
strengths of all resistant members sQ

sQ was defined in the following so that the calculation
formula would correspond to the strengthened posi-
tion. The strengthening method and fracture pattern of
each test specimen, and the relationship between each
Q and its member is shown in Figure 8.

In the case of walls with a central opening:

In the case of walls with an asymmetric opening:

where,
sQc: the shear capacity of the strengthened columns

calculated from Hirosawa’s Modified
Equation (AIJ, 1990),

sQw: shear capacity of walls without columns
calculated from the following equation
(JBPDA, 2001),
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α: 1/10, which was assumed from the wall-sheet
strain measured at the maximum resistance,

pQc: punching shear-strength of the side columns,

bQc : flexural capacity of independent column
(AIJ, 1900),

The calculated shear-capacities Qcal1 and Qcal2 of
each specimen were defined by the following:

It was possible that the calculated values Qcal1
and Qcal2 agreed with experimental values as well
as the calculated fracture modes determined using
Equation 8 since they corresponded to the experimen-
tal fracture modes. It was possible that the maximum
strength of the specimens that failed in flexure, could
be estimated approximately by Equation 1. The shear
capacity of C-CW3s with the slits could be estimated
by Equation 3 because it had a flexure fracture pattern.
Equation 4 had no good correspondence to specimens
of the shear-fracture type, since the representation in
the equation does not include the effect of CF sheets on
column strengthening. Therefore the calculated shear-
capacity of C-C3 did not show good results. In the
meantime, when the shear capacity was calculated
using Equation 5, the increase in maximum strength
caused by differences in the reinforcement position
was evaluated, and good correspondence was shown.

4 CONCLUSIONS

We investigated by experimental tests, the develop-
ment of a new method using carbon fiber sheets or
grids to strengthen existing RC structural walls which
were framed by strong beams and columns with weak
shear capacity and which had a window opening in
the wall center or a door opening beside one column
asymmetrically. The test results conclude as follows.

(1) The strengthening method covered by CF-grids
and polymer mortar on whole surfaces of walls
in a frame, shifted the shear-fracture mode to the
flexure-fracture mode, regardless of the asymme-
try of the opening, since shear-crack widening
in the walls was prevented. Thus, lateral shear-
capacity and deformability of the wall structure
could be improved.

(2) When the wall with a central window opening
was set up with vertical slits at the four corners
of the window opening and both the sleeve wall
and column structures separated by the slits were
strengthened by CF sheets, maximum strength
and stiffness of the new structures became lower.
However bending deformation that appeared indi-
vidually in each of the sleeve wall and column
structures predominated and the deformability
was largely improved.

(3) The ultimate flexural-capacity of structural walls
with an opening could be evaluated from the min-
imum value between the flexural capacity as a
one-body structure and a calculated value sum-
ming the flexural capacities of the columns with
the sleeve wall.

(4) The ultimate shear-capacity could be evaluated
by summing the minimum shear capacities of the
columns and the sleeve walls, because of estimat-
ing the strengthening effect of each member using
CF sheets or grids.
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Evaluation of wrap thickness in CFRP-strengthened concrete T-joints

A. Parvin & S. Wu
Department of Civil Engineering, The University of Toledo, Toledo, OH, USA

ABSTRACT: This paper presents the results of a numerical study on the carbon fiber reinforced polymer
(CFRP) wrapped beam-column joints subjected to axial and lateral cyclic loads. The numerical models include
the beam-column joints wrapped with two, four, and six layers of CFRP fabric. The results showed the greatest
improvement in ductility and strength for the beam-column joint with six layers of CFRP.

1 INTRODUCTION

The use of fiber composite wraps for concrete struc-
tures with damage or with insufficient reinforcement
has been recognized as an effective upgrade technique
to increase the strength and to extend the service life
of the structures. Traditional methods of retrofitting
beam-column joints include pressure epoxy injection
into cracks under steel plates (Adin et al. 1993), steel
and concrete jacketing (Alcocer & Jirsa 1993), and
plain or corrugated steel jackets (Beres et al. 1992,
Ghobarah et al. 1997). However, in recent years, fiber
composites have received significant attention as a
replacement for steel material both in new construc-
tion and existing structures. Comparing with tradi-
tional rehabilitation techniques, fiber composites or
fiber-reinforced polymer (FRP) have high strength-to-
weight ratio, superior resistance to corrosion, flexibil-
ity in design and replacement, and reduced life cycle
cost. Furthermore, FRP reinforcement of structural
members offers a means to protect the infrastructure
from seismic damages by providing enhancement in
strength and ductility. At present, the studies on appli-
cation of composite materials for seismic strength-
ening of beam-column joints are limited (Mosallam
2000, Granata & Parvin 2001, Gergely et al. 2000,
Antonopoulos & Triantafillou 2003), as compared
with extensive investigations on FRP strengthened
beam or column members. The goal of this research
is to study the behavior of beam-column joints exter-
nally reinforced with CFRP wraps subjected to axial
and lateral cyclic loads using nonlinear finite ele-
ment analysis. The software MARC-MENTAT 2001
was employed for the numerical analysis study. In
the following sections, the maximum lateral load and
displacement results of the control joint model are
compared with those of CFRP wrapped beam-column
joints in order to observe the effect of wrap thickness.

2 FINITE ELEMENT ANALYSIS STUDY

2.1 Description of model

Four models were considered in the numerical
study: one was the control model and the other
three were CFRP wrapped exterior beam-column
joints with various wrap thicknesses under com-
bined axial and lateral cyclic loads. The column
and the beam cross-section and height dimen-
sions are 127 × 127 × 1067 mm (5 × 5 × 42 in) and
76 × 127 × 610 mm (4 × 6 × 24 in), respectively. For
all beam-column joints, the strength of concrete is
27.6 Mpa (4,000 psi), with the modulus of elasticity
of 20,690 Mpa (3 × 106 psi), and Poisson ratio of 0.17.
The rebar strength is 414 Mpa (60,000 psi) with modu-
lus of elasticity of 206,896 Mpa (3 × 107 psi), Poisson
ratio of 0.3, and yield strain of 0.002. Concrete or steel
is considered as isotropic materials. The CFRP is uni-
directional, orthotropic elastic material with 0.18 mm
(0.007 in) thickness per layer; the modulus of elastic-
ity along the fiber direction and Poisson’s ratio are
4,1379 Mpa (6 × 106 psi) and 0.22, respectively; the
ultimate strain of CFRP is 0.016. An axial load value
of 110 kN (25,000 lb), equivalent to 0.25 Agf ′c and a
cyclic lateral load sequence are applied to the top of
the column.

2.2 Control model of exterior beam-column joint
(Model 1)

Figure 1 represents a typical control beam-column
joint. The column and the beam were modeled by
1325 and 528 three-dimensional solid brick elements,
respectively. The total number of solid elements was
1753. The bottom of the column and the end of
the beam were pinned (Figure 2). Three reinforce-
ment types, namely four 9.525 mm (3/8 in) diameter
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Figure 1. Exterior beam-column joint.

Figure 2. Beam-column joint reinforcement (truss
element).

longitudinal rebars in the column, two 7.94 mm
(5/16 in) diameter rebars in each side (top and bottom)
of the beam, and 6.35 mm (1/4 in) stirrups were mod-
eled by 80, 44, and 132 truss elements, respectively.
The total number of truss elements was 256.

A maximum x displacement of 10.4 mm (0.41 in) in
the push and 13.0 mm (0.51 in) in the pull direction was
observed for the control joint model under combined
axial and cyclic loads. The yield point displacement
in push was 3.6 mm (0.14 in) while the same in pull
was 3.4 mm (0.135 in). These two yield displacements
were used to calculate the ductility of CFRP wrapped
joint models, which amounted to 2.9 in the push and
3.8 in the pull for the control model. This joint carried
47 kN (10500 lb) in push and 45 kN (10080 lb) in pull
as the maximum lateral load.

Figure 3. Total principal strain distributions in horizontal
cut Section of control model.

Figure 4. CFRP wrapped beam-column joint model.

A horizontal cut located at 25.4 mm (1 in) above the
top of the beam equivalently 431.8 mm (17 in) from
the top of the column was selected to demonstrate the
strain distributions and to identify the failure location.
The maximum principal tensile strain was observed at
the outer side of the column in the vicinity of the joint
due to a lateral load in the push direction at the failure
point. The maximum compressive strain was observed
at the inner side of the beam-column joint (Figure 3).

2.3 Beam-column joint with 2 layers of CFRP
(Model 2)

Figure 4 shows a sketch of the beam-column
joint where 14 in (355.6 mm) of column height and
203.2 mm (8 in) of beam length were wrapped around
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the panel zone by 2 individual layers of CFRP in 0◦ and
90◦ directions with respect to circumferential direc-
tion of the column or beam member. This resulted in
0.36 mm (0.014 in) of CFRP total thickness.The wraps
for the column and the beam were modeled by 194
and 48 shell elements, respectively. The total number
of the joint elements including concrete, CFRP wrap
and reinforcement elements was 2349.

The beam-column joint with 2 layers of CFRP
exhibited a maximum lateral load of 52 kN (11700 lb)
with a maximum lateral x displacement of 10.5 mm
(0.414 in) and 13.2 mm (0.5187 in) in push and pull,
respectively. This resulted in the ductility levels of
2.96 in the pull and 3.84 in the push directions. Com-
paring with the control model, the ultimate load capac-
ity increased by 11% in the push and by 16% in the
pull while the ductility increased by as little as 2%.

2.4 Beam-column joint with 4 layers of CFRP
(Model 3)

The same (as in the Model 2) areas of column and
beam around the panel zone of joint model 3 were
wrapped by 2 layers of CFRP in 0◦ and 90◦ direc-
tions with respect to member circumferential direction
while repeating two times: the total thickness of CFRP
was equal to 0.71 mm (0.028 in). The finite element
analysis results indicated ductility levels of 4.1 and
5.4, in the push and the pull, respectively. In terms of
strength, the ultimate load capacity was determined
as 64 kN (14400 lb) in the push or in the pull direc-
tions. Therefore, the ultimate load capacity increased
by 37% in the push and by 43% in pull direction while
the ductility increased by 39% in the push and by 42%
in the pull direction as compared to the control model
of the joint.

As shown in Figure 5, the distribution of strain indi-
cates that high strain concentrations occur at the inner
side around the top intersection of the beam and the
column as the column bends under a pull force at
failure. The total principal strain distribution of hor-
izontal cut section shown in Figure 6 shows that the
largest strain is at the tension side (inner side) while
the maximum compression strain at the outer side of
the column. The strains gradually shift from tension to
compression.

2.5 Beam-column joint with 6 layers of CFRP
(Model 4)

Same regions of the column and the beam (as in the
model 2) around the panel zone were wrapped using
2 layers of CFRP in 0◦ and 90◦ directions with respect
to circumferential direction of the member repeated
three times. Consequently, the total thickness of CFRP
became 1.07 mm (0.042 in).

Figure 5. Total principal strain of beam-column joint with
4 Layers of CFRP.

Figure 6. Total principal strain distributions in horizontal
cut section of the joint with 4 layers of CFRP.

For this model, the maximum x displacement in
the push and pull directions were 24.3 mm (0.958 in)
and 22.4 mm (0.881 in), respectively. Accordingly, the
ductility of the joint was equal to 6.8 and 6.5. The
finite element analysis results indicated a maximum
load capacity value of 69.4 kN (15600 lb) in the push
and 64 kN (14400 lb) in the pull directions. Comparing
with the control model, the ultimate strength increased
by 49% and by 43% while the ductility improved by
133% and by 73% in the push and pull directions,
respectively.

3 CONCLUSIONS

This investigation involved finite element analysis of
beam-column joints retrofitted with CFRP under com-
bined axial and lateral cyclic loadings, where the effect
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of various wrap thicknesses was considered. Findings
suggest that, in general, the external FRP reinforce-
ment enhanced the lateral load capacity and ductility
of the reinforced concrete joints. Preliminary results
further indicated that the increase in the number of
layers for the wrap resulted in higher strength and
ductility. However, the gain in strength in the model
with 6 layers of wrap as compared to the model with
4 layers is small. Therefore, if the designer’s primary
concern is to improve the strength with acceptable
level of enhancement in ductility, the beam-column
joint wrapped with 4 layers of CFRP will provide
adequate retrofit efficiency while minimizing the cost.
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S.S. Mahini & H.R. Ronagh
Division of Civil Engineering, School of Engineering, The University of Queensland, Brisbane, QLD, Australia

S.T. Smith
Infrastructure and the Environment Group, Faculty of Engineering, University of Technology, Sydney, Australia

ABSTRACT: This study contains the results of experimental tests performed at the University of Queensland
in order to evaluate the ability of CFRP wraps in strengthening an exterior beam-column connection subjected to
cyclic loads. For this purpose, two specimens were designed based on the earthquake requirements of AS3600.
One of these specimens was then wrapped with FRP while the other left untreated. Specimens were then tested
to failure under a displacement-controlled regime. The displacement control had an ascending displacement
amplitude as a multiplier of the yield displacement with a variable direction. The retrofitted specimen was found
to behave in a satisfactory manner and was able to relocate the position of the plastic hinge away from the face
of the column. The Hystersis curves, modes of failure, additional strength gain, etc. are presented in this paper.

1 INTRODUCTION

Beam-column connection failures that occurred dur-
ing the El-Asnam earthquake in 1980 and the shear and
anchorage failure at the exterior joints during the 1985
Mexico, the 1986 San Salvador, and the 1989 Loma
Prieta earthquake brought about a universal awareness
that beam-column connections may become critical
zones in reinforced concrete (RC) structures.

Current standards of design take this view into
account and have adequate provisions to combat
against connection failure. One such provision is the
concept of weak-beam strong-column, which results
in the development of a plastic hinge close to the col-
umn face. Researchers recommend that beams should
be designed in such a way that the required energy
dissipation occurs in plastic hinges at a distance away
from the connection core (Park & Pauly, 1975). If not,
damage may penetrate into the core causing severe
degradation of the connection’s structural strength.

When a building’s use changes (and in turn it’s
loading pattern), the plastic hinge location may move
toward the connection core. Methods of avoiding this
shall then be exercised. The recent advancement of
Fibre Reinforced Plastics into the field of construction
has provided a means for achieving this.

Carbon or glass fibres can be wrapped around the
connection area or glued to the sides of the beam in
order to strengthen the beam locally at the column face
shifting the plastic hinge away from the strengthened
region towards the beam.

The effectiveness of the method would depend
on many parameters including the strength of FRP,
strength of concrete, amount of reinforcement in the
beam, the wrapping method and the extension length
of FRP into the beam.

Compared to the considerable amount of research
on strengthening of beams, slabs and columns with
FRP composites (Teng et al. 2002), limited research
has been undertaken on the application of FRP
composites to RC beam-column connections (herein
referred to as connections). This limited amount of
research on connections is possibly due to the com-
plex behaviour of connections, as well as difficulties
in retrofitting, and complicated testing arrangements.
The majority of research on connections has been lim-
ited to experimental studies. To date, both exterior and
interior two-dimensional connections have been tested
under monotonic or cyclic loads.

Of the research been conducted to date on
retrofitting connections, externally bonded FRP com-
posites have been used to enhance the shear capacity
of the connection (i.e. Ghobarah and Said 2001,
Antonopoulos and Triantafillou, Ouyang et al. 2003),
improve the anchorage of inadequately anchored bot-
tom longitudinal beam steel reinforcement (i.e. Geng
et al. 1998), increase the flexural capacity of the
beam at the connection (i.e. Granata and Parvin 2001),
increase the overall load carrying capacity of the
connection (Li et al. 1999) and increasing the joint duc-
tility (Mosallam 2000). In all cases, externally bonded
FRP was found to enhance the strength and ductility
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of the connection. One study has been undertaken on
the strengthening of three-dimensional connections
(Antonopoulos and Triantafillou 2003), however the
method of retrofit was not effective. To the best of the
authors’ knowledge, no tests have been performed on
using externally bonded FRP to relocate the plastic
hinge further along the beam away from the column
face. Studies have however been conducted on relocat-
ing plastic hinges away from the column faces using
other methods such as the use of headed reinforcing
bars (Chutarat & Aboutaha 2003).

The experimental study reported in this paper
is the first of its type and will consider common
Australian construction practices while satisfying the
design and detailing requirements of AS3600 (2001).
The behaviour, strength, ductility and energy dissi-
pation capacity of two-dimensional exterior connec-
tions retrofitted with externally bonded FRP, subjected
to cyclic loading, are reported. Cyclic loading is
used to simulate earthquake loading while an exte-
rior connection is tested, as such connections attract
higher shear forces than internal connections. A two-
dimensional connection is modelled and the results
will be applicable to retrofitting structures supported
by two-dimensional framing. The research outcomes
presented in this paper will be of interest to researchers
throughout the world as well as owners, designers and
users of RC structures.

2 EXPERIMENTAL DETAILS

2.1 Details of test specimens

The experimental program consisted of testing two
1:2.5 scale exterior RC beam-column connections as
shown in Figure 1. The specimens represented a scaled
down exterior connection of a typical RC residential
building designed according to AS 3600. All connec-
tions consisted of 180 mm wide and 230 mm deep
beams with 220 mm × 180 mm columns and the width
of the columns and beams were equal. All beams were
reinforced with high-strength 12 mm diameter (N12)
longitudinal reinforcing steel bars, with two bars in
the top and two bars in the bottom of the beam. All
columns were reinforced with fours N12 reinforcing
bars, with one bar positioned in each corner of the col-
umn. The beam stirrups and column ties were 6.5 mm
bars at 150 mm centres. Ties were also placed in the
connection region in accordance with the earthquake
loading requirements of AS3600 (2001). Additional
stirrups and ties were placed near the ends of the beam
and columns in all specimens to ensure local failure
will not occur at the load and support points respec-
tively. The height of the column was taken as being
corresponding to points of contraflexure in the actual
structure.

Applied load ±P

Web bonded FRP

Tie R6.5

18
0

220 mm
2N12 2N12

2N12
Tie R6.5

2N12

23
0

180tf tf

1246 mm

14
02

 m
m

Constant axial
load (305 kN)

R6.5 @ 150mm

R6.5 @ 25mm

R6.5 @ 150mm

2 
R

6.
5

50
 m

m

4 N12

R6.5 @ 30 mm

4 N12

50

2

2

1

1

Section 2-2
tf =0.495 mm

Section 1-1

200

Figure 1. Specimen details.

The proposed retrofitting system consists of three
plies of web-bonded CFRP sheet. All layers were uni-
directional sheets and were applied in a length of
200 mm from the column face on the beam-end with
fibre directions parallel to the longitudinal beam axis
as shown in Figure 1. The fibres were applied to the
beam using a solvent free epoxy resin after a careful
surface preparation as follows.

Prior to the application of composite, the surface
of specimen was ground and loose concrete pieces
were removed using air jet pressure in order to assure
a good bond between CFRP sheet and concrete. It was
then buffed clean using Acetone. A film of primer
(Thixotropic epoxy mortar) was applied to fill voids
on the specimen.The primer was allowed to cure for 24
hours after application. The concrete surface was then
ground smooth and uni-directional carbon fibre sheets
were applied using the aforementioned epoxy resin.

2.2 Material properties

The material properties of the concrete; the concrete
compressive strength; elastic modulus and splitting
strength (Table 1) were determined on the day of
testing each connection.

Yield strength of the N12 reinforcing steel bars
and R6.5 mm stirrups and ties were also tested as
being 500 MPa and 380 MPa. Carbon fibres used had
a thickness of 0.165 mm with a maximum elongation
of 1.55% and a tensile strength of 3900 MPa according
to the manufacturers specifications.
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Table 1. Mechanical properties of concrete.

Compressive Modulus of Tensile
strength elasticity strength

Specimen (Mpa) (Gpa) (Mpa)

CSC1 40.73 30.17 3.29
RSC1 36.44 29.70 3.62

Figure 2. Test set-up.

2.3 Test set-up and instrumentation

Figure 2 shows the experimental set-up. The connec-
tion that has been orientated to the length of the column
is parallel and the beam is perpendicular to the ground.
The free end of the beam was loaded and the connec-
tion between the beam and the actuator was carefully
designed in order to ensure that the load could be
applied in a push-pull manner. Axial loading of the
column was simulated by stretching four high-strength
low-elongation steel bars placed outside the column by
the use of a hydraulic jack while a load cell was utilised
to measure the applied load.The column was subjected
to a simulated axial gravity load of 305 kN and this
load was scaled down from the load experienced in the
actual structure. The columns were supported at each
end with specially designed supports that ensured their
ends were free to rotate but not to translate.
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Figure 3. Loading regime.

Both the control specimen CSC1 and the retrofitted
specimen RSC1 were tested to failure in order to deter-
mine the ultimate load carrying capacity, cracking
patterns, hysteresis behaviour and energy dissipation
characteristics, ductility and rigid-body-rotation of the
beam at the column face.

A reversible load, measured with a load cell, was
applied at the beam tip using a hydraulic actuator
±125 mm. The load was applied in two phases as
shown in Figure 3. In the first phase, the load was
applied in a load-control manner up to the first yield of
steel reinforcement for which the displacement corre-
sponding to first yield, 	y, was recorded. The manner
in which 	y is determined is described in detail in
the following paragraph. The second phase of load
application consisted of displacement-control by dis-
placing the tip of the beam with the tip displacement,
	, increasing in magnitude with each push-pull until
failure of the connection occurred. The amount of tip
displacement for each push-pull was a multiple of 	y
as shown in Figure 3 where the displacement ductility
µ is 	/	y.

The displacement at first yield is a difficult quantity
to measure as determination of the point of first yield
is complicated by concrete cracking and strain locali-
sation in the reinforcing steel. The load corresponding
to first yield of reinforcing bars was therefore partly
based on theory and experiment. The load correspond-
ing to first yield was firstly calculated. Seventy-five
percent of this load was then applied and the cor-
responding tip displacement recorded in both of the
push and pull cycle. Both of theses displacements
were then averaged and multiplied by 4/3 to give the
displacement at first yield. The displacement at the
tip of the beam as well as mid-length of the beam
and 200 mm along the beam, from column face, as
shown in Figure 4, were measured using linear vari-
able displacement transducers (LVDT). Four LVDTs
were placed at the end of the beam and at the end of
the CFRP strengthening region (200 mm for the col-
umn face in the beam) as shown in Figure 4. These
LVDTs were positioned to record the displacement
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Figure 4. Typical instrumentation on test specimens.

at the level of the beam reinforcement and the oppo-
site concrete face. The strains of steel and concrete
were extracted from the relative displacements of two
transducers placed close to each other, only 15 mm
apart.

3 EXPERIMENTAL RESULTS

In the following, the results of tests performed on
the aforementioned specimens are described and the
effectiveness of the retrofitting scheme is evaluated.

3.1 Control specimen CSC1

As mentioned previously, the specimens were sub-
jected to a load-control regime that was followed by
a displacement-control regime after the first yielding
of the beam longitudinal reinforcement is reached. In
the first loading cycle, the specimen was loaded to
9.0 kN pull and push. The first crack was observed at
the column face at a load of about 5.1 kN.

In the second cycle, a load of 13.5 kN was applied
(pull and push) to the specimen. This load was around
75% of the expected theoretical load at first yield.
The corresponding displacement at this load cycle was
used as a base from which the displacement at first
yield was guessed as being equal to 15.8 mm (being
4/3 of the measured one at 13.5 kN). At this load, new
flexural cracks were formed along the beam. The esti-
mated displacement of 15.8 mm was then used in the
displacement-controlled phase of the loading.

The specimen, CSC1, was then subjected to an
increasing displacement-control loading using multi-
ples of displacements recorded at the initial yield of
the steel 	y. Two cycles were applied at each ductility
ratio level starting from µ = 	/	y equal to 1, then 2,
3, 4, etc, where, 	 is the beam-tip displacement and µ
is the displacement ductility ratio. In the seventh cycle

Figure 5. Failure pattern of specimen CSC1.
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Figure 6. Load versus displacement for CSC1.

at the beam’s tip displacement of 47.4 mm, vertical
cracks were formed in the connection area close to the
back of column due to the bond deterioration between
the column top reinforcements and concrete. Cracking
of the concrete due to the flexural deformation of the
beam was initiated from the beam end at the column
face and grew along the beam length. Some cracks
were penetrated into the connection core at beam’s tip
displacement of 31.6 mm. Crushing and spalling of the
concrete occurred in the thirteenth cycle at the tip dis-
placement of 94.8 mm and the corresponding load of
19 kN (pull). This load was the maximum load that the
specimen held. The specimen failed soon after when
buckling of the beam’s top rebar occurred at the col-
umn’s face. Consequently the load on the specimen
started to descend. The final failure pattern is shown
in Figure 5.

Examining the hysteretic behaviour of the specimen
showed severe pinching, stiffness degradation during
the test and strength deterioration in the final two
cycles followed by spalling of the concrete and the sub-
sequent full buckling of the steel reinforcements at the
column face, as shown in Figure 6. The plastic hinge
was formed at the face of the column. Figure 7 presents
the envelope curves that pass through the maximum
loads in both push and pull.
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Figure 7. Envelope curves for CSC1.

Figure 8. Failure pattern of specimen RSC1.

The retrofitting scheme was totally effective in relo-
cating the plastic hinge. Rigid body rotations of beams
confirmed this re-location visually.

3.2 Retrofitted specimen RSC1

Specimen RSC1 was subjected to the same loading
sequence as specimen CSC1. The first crack occurred
during the first cycle at a load of 6.4 kN at the FRP cut-
off point. In the second cycle, the specimen was loaded
to 16.35 kN (pull and push). This load was again 75%
of the theoretical load at which the first yield of steel
was expected.The displacement at this load (17.5 mm)
was then used as the basis for guessing the displace-
ment at first yield after which the displacement-control
regime started.

During the first cycle of displacement control, no
crack was observed at the column face. In fact all
cracks shifted beyond the cut-off of CFRP.The loading
continued to the seventh cycle without any debonding
of FRP sheets and only then the first signs of debond-
ing were observed at the mid-height of the beam close
to the column face.

In the cycles that followed, as the tension in FRP
was lost due to de-bonding, steel bars started to carry
the developed tensile force. In the ninth cycle, the top
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Figure 9. Load versus displacement for RSC1.
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Figure 10. Envelope curves for RSC1.

steel bars of the beam started to buckle. This buckling
occurred around 150 mm away from the column face.

The position of buckled steel rebar can arguably be
thought of as the centre of plastic hinge. Assuming
this, FRPs have been able to shift the location of plas-
tic hinge 150 mm away from the column face. This is
about 65% of the section depth and three quarter of
the length of FRP coverage.

As for the load, the specimen reached a maximum
load of 21.33 kN (pull) and 20.16 kN (push) in fifth
cycle and then experienced a decreasing trend to a
load of 19 KN in the seventh cycle. The strength of
the specimen was almost maintained up to failure.
The final failure conditions before and after removing
the CFRP from concrete surface are shown in Figure 8.

Examining the hysteretic loops of the specimen
(Figure 9) shows that the energy absorbing capac-
ity is maintained as the maximum loads hold to a
healthy plateau up to the end. No considerable pinch-
ing, stiffness degradation or strength deterioration was
observed in the final two cycles as was the case for the
plain RC specimen. This obviously is a result of plastic
hinge region being confined by the FRP sheet to some
extent.

Figure 10 contains the envelope curve that passes
through the maximum points both in push and pull.
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Beam CSC1 rotated at the column face while beam
RSC1 about an axis located almost 150 mm away from
the column face within the beam. Elastic movements
away from the plastic hinge were small compared
to the plastic deformations and therefore the final
deformed shape was basically a function of plastic
hinge rotations.

Figure 11 presents the envelope of the rigid-body
rotations of the beam’s end at the column face. Beam
RSC1 shows very little rotation while the rotation of
CSC1 extends to around 0.03 radians at failure.

4 CONCLUSIONS

Two 1:2.5 scale-down reinforced concrete exterior
beam-column sub-assemblages in a one-way frame
were tested under cyclic loads. The objectives were to
investigate the effect of web-bonded CFRP on energy
absorbing capacity of RC beam-column connections
and to evaluate the possibility of relocating the position
of the plastic hinge away from the face of the column.
The results showed that the CFRP-retrofitted speci-
men developed a plastic hinge at a distance of 150 mm
from the column face within the beam. No bond dete-
rioration was occurred in the connection region in
the retrofitted specimen. The overall strength, stiff-
ness and energy dissipation of the original specimen
was regenerated in the retrofitted specimen with the
additional benefit of the plastic hinge region being
confined and as such spalling of concrete being kept
to a minimum.

Overall, the method seemed very effective in relo-
cating the plastic hinge away from the column face.

ACKNOWLEDGEMENTS

Authors would like to express their thanks to MBT
Australia for making carbon fibres and other materials
available to them at a subsidised rate. The first author
is supported by a combined IPRSUQIPRS scholarship
from the Australian Federal government and the Uni-
versity of Queensland for the duration of his PhD. This
support that has enabled him to perform the current
research is gratefully acknowledged.

REFERENCES

Antonopoulos, C.P. & Triantafillou, T.C. 2003. Experimen-
tal investigation of FRP-strengthened RC beam-column
joints. Journal of Composites for Construction, ASCE
7(1): 39–49.

AS3600, 2001, Concrete Structures, Standards Australia,
Homebush Bay, Australia.

Chutarat, N. & Aboutaha, R.S. 2003. Cyclic response of
exterior reinforced concrete beam-column joints rein-
forced with headed bars-experimental investigation. ACI
Structural Journal 100(2): 259–264.

Geng, Z.J., Chajes, M.J., Chou, T.W. & Pan, D.Y.C.
1998. The retrofitting of reinforced concrete column-to-
beam connections. Composites Science and Technology
58:1297–1305.

Ghobarah, A. & Said, A. 2001 Seismic rehabilitation of
beam-column joints using FRP laminates. Journal of
Earthquake Engineering 5(1): 113–129.

Granata, P.J. & Parvin, A. 2001. An experimental study
on Kevlar strengthening of beam-column connections.
Composite Structures, 53(2): 163–171.

Li, J., Bakoss, S.L., Samali, B. &Ye, L. 1999. Reinforcement
of concrete beam-column connections with hybrid FRP
sheet. Composite Structures 47:805–812.

Mosallam, A.S. 2000. Strength and ductility of reinforced
concrete moment frame connections strengthened with
quasi-isotropic laminates. Composites Part B Engineer-
ing, 31(6–7): 481–497.

Quyang, Y., Gu, X.X.L., Huang, Y.H. & Qian, Z.Z. 2003.
Seismic behaviour of reinforced concrete beam-column
joint strengthened with GFRP. In K.H. Tan (ed.) Sixth
International Symposium on Fibre-Reinforced Plastics for
Reinforced Concrete Structures, FRPRCS-6; Proc. Intern.
Conf., Singapore, 8–10 July 2003. World Scientific.

Park, R. & Paulay, T. 1975. Reinforced Concrete Structures.
Christchurch: Johan Wiley & Sons.

Paulay, T. & Priestley, M.J.N. 1992. Seismic Design of Rein-
forced Concrete and Masonry Buildings. John Wiley
Johan Wiley & Sons.

Teng, J.G., Chen, J.F., Smith, S.T. & Lam, L. 2002 FRP-
Strengthened RC Structures. Johan Wiley & Sons.

652



FRP Composites in Civil Engineering – CICE 2004 – Seracino (ed)
© 2005 Taylor & Francis Group, London, ISBN 90 5809 638 6

Flexural repair of RC exterior beam-column joints using
CFRP sheets
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Division of Civil Engineering, School of Engineering, The University of Queensland, Brisbane,
QLD, Australia

ABSTRACT: A practical technique for flexural repairing of exterior beam-column joints using CFRP wraps
is presented. The procedure is to restore the flexural capacity of the damaged joint. An experimental study
is conducted in order to evaluate the performance of a 1:2.5 scale reinforced concrete external beam-column
joint sub-assemblage belonging to an OMRF RC structure (Ordinary Moment Resisting Frame) designed to
Australian Concrete Code, and then repaired using the proposed technique. The beam-column joint is tested
under monotonic load applied at the free end of the beam and under a constant axial column load. The proposed
repair procedure is applied to the tested specimen. The Unidirectional CFRP sheet system proved to be effective
in upgrading the flexural capacity of the damaged beam-column joint. Comparison between the behaviour of
the specimen before and after repair is presented and the results are checked against a non-linear finite element
analysis using ANSYS.

1 INTRODUCTION

In the event of a severe earthquake, many modern RC
buildings may experience small to moderate damage
at their joints. Repairing of the joints is often the most
economical solution that can be performed at a fraction
of the cost of demolition and re-building.

When damage to the joint is low, epoxy injection
may be sufficient to restore the strength and stiffness.
Small cracks, intact steel and a concrete that is nei-
ther crashed nor spalled identify a low level damage.
In a high-level damage identified by crack widths of
more than 5 mm, heavily deformed steel and a con-
crete that is crushed, epoxy injection would not work
and some means of external support for the system is
required. Fibre composites investigated in the current
study could be a good candidate.

During the last decade, fibre composites have grad-
ually entered the construction market. A lot of stud-
ies have been performed on their use in repair and
retrofitting applications particularly in strengthening
beams, columns, piers and walls. These noncorrosive,
light-weight materials are made of carbon, glass or
aramid fibres and can be glued to the surfaces of a rein-
force concrete element in order to increase it’s strength.
The fibre combined with epoxy (or resin) is then called
FRP, which stands for Fibre Reinforced Plastic.

While, one may find many studies in the literature
on the application of FRPs in shear, axial and flex-
ural strengthening of beams and column, studies on

strengthening of the joints is very limited. Of the few
that exist, the majority are concentrated on the shear
strengthening of joints. The performance of FRPs in
flexural strengthening is yet to be fully addressed.

In order to design a joint in an earthquake prone
region, the methodology of strong-column-weak-beam
is usually utilised. This design methodology ensures
that the joints and the columns remain elastic under
lateral loads up to failure while beams undergo large
localised plastic deformations in order to ensure ade-
quate energy dissipation. This design concept when
implemented ensures that the damage is contained
within the beam where the beam’s end meets the joint.
In this situation, FRPs can be used to repair the beam
(and the joint) back to its original strength.

In the repairing, however, one would not only look
at the strength but at the ductility and stiffness of the
system as these may affect the intended energy dis-
sipation mechanism and the redistribution of loads at
the time higher cyclic loads re-occur.

Of the two main types of FRP (carbon and glass),
carbon fibres are utilised in the current study in order
to investigate their ability in repairing the joints.

2 PAST STUDIES

Epoxy and resin injection techniques were used in the
past after the Anchorage earthquake in Alaska, the
San Fernando earthquake in the US and the Managua
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earthquake in Nicaragua.These techniques were inves-
tigated by Popov & Bertero (1975). Several severely
cracked test specimens of RC joints were repaired
using either epoxy resin or concrete in their research.
The results showed that the repairing technique was
able to restore the destroyed bond between the concrete
and reinforcing steel. Filiatrault & Lebrun (1996) also
used the epoxy pressure injection to rehabilitate exte-
rior RC beam-column joints. Two full-scale specimens
were subjected to cyclic loads above cracking limit and
then repaired with epoxy.The repaired specimens were
then loaded with the same load-history applied to orig-
inal specimens. Filiatrault & Lebrun (1990) showed
that the epoxy injection was effective in restoring the
strength; stiffness and energy-dissipation capacity of
the RC exterior joins.

The epoxy and resin injection techniques are usu-
ally employed when the damage level is low. When
buildings are moderately damaged, other means of
rehabilitation are required. During the 1990s, several
attempts were made to repair damaged RC struc-
tures by FRP sheets or plates. David et al. (1998)
performed an investigation into the repair and strength-
ening of RC beams using composite materials. They
examined the effect of thickness of FRP sheet and
plate on the flexural behaviour of the repaired and
retrofitted RC beam. Test results indicated that all
beams had significant increases in flexural stiffness
and ultimate capacity. Moreover, the results showed
that the glass or carbon fibre transform the ductile
flexural failure of the specimen into a brittle fail-
ure after repairing. Duthinh & Stranes (2001) tested
seven concrete beams repaired with FRP laminates and
showed that FRP could enhance the flexural capacity
of repaired beams. Recently, Mosallam (2000) inves-
tigated the strength and ductility of RC moment frame
connections strengthened with quasi-isotropic lami-
nates. Two half-scale specimens repaired with carbon
and E-glass quasi-laminates were examined in his
investigation. Mosallam indicated that the composite
overlays increase the stiffness, strength and ductil-
ity of repaired RC joints. In the second phase of
his research program, the damaged specimens were
repaired with both CFRP overlays and wraps and tested
under cyclic loading. Test results indicated that the
repairing method was efficient in restoring the ultimate
capacity and enhancing the stiffness of the repaired
specimen. In some cases, however, some stiffness and
strength degradation for the repaired specimens was
observed due to the fact that the steel reinforcements
were already yielded. The effects of U-shaped wrap-
ping and complete wrapping on the joint behaviour
were also investigated in this pilot study. Results
demonstrated that as the U system did not cover the
top of pre-cracked concrete surfaces, high tensile and
compressive stresses occurred in this area. The com-
plete wrapping on the other hand was able to increase

the initial stiffness and strength of the joint although
this method is impractical due to the presence of the
floor slab in a real situation.

3 EXPERIMENTAL PROGRAM

3.1 Specimens

The test specimens were three 1:2.5 scale models of
the prototype. The prototype structure was a typical
eight story residential RC building located in Bris-
bane.The controlling design criterion for this structure
was the strength required to resist the applied gravity
and lateral loads. The prototype was designed as an
Ordinary Moment Resisting Frame (OMRF), accord-
ing to the Australian Concrete Code AS 3600 (2001),
with details similar to non-ductile RC frames designed
to ACI-318, American standard. A scaled-down frame
was modelled by the application of the similitude
requirements that relate the model to the prototype
using the Buckingham theorem (Noor & Boswell,
1992). The scaled-down joints were extended to the
column mid-hight and beam mid-span, correspond-
ing to the inflection points of the bending moment
diagram under lateral loading. Figure 1 shows a spec-
imen under load in the testing frame. The specimen
is rotated 90 degrees for ease of testing. Code pro-
visions have been used to determine the spacing of
steel stirrups and ties. The specimen size and rein-
forcement were limited by the hydraulic actuator size
and the ultimate capacity of hydraulic jacks that apply
the loads to the column and the testing frame. Special
hinge support was designed to simulate the real per-
formance of the sub-assemblies at the inflection points
as well as applying the constant load into the column
as shown in Figure 1. Yield strength of the main steel
reinforcements was around 500 Mpa and the modulus
of elasticity was equal to 194 Gpa. Four N12 rebars
(φ12 mm) were used for both the column vertical

Figure 1. Beam-column joint testing set-up.
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reinforcement and the beam longitudinal reinforce-
ment. R6.5 bars (φ6.5 mm) were used for stirrups with
a spacing of 150 mm in both column and beam. The
joint detail was designed according to AS3600-2001.
Figure 2 shows the specimens’ details. The concrete
had a compressive strength around 40, 52 and 48 MPa
and a modulus of elasticity around 27.6, 35.7 and
35.2 Gpa for plain (CSM0) and repaired specimens
(RPSM1 & RPSM2) respectively. The cross-sectional
dimensions of beams and columns were about 180 by
230 mm and 180 by 220 mm respectively.

One connection specimen was tested as control
specimen to failure. Two other specimens were pre-
cracked, repaired and then retested under a similar
loading regime.

3.2 FRP composite system

Carbon Fibre Reinforced Polymer (CFRP) sheets that
were used in the experiments were unidirectional. The
sheets were glued to the web of the beam with the fibre
orientation parallel to the beams’longitudinal axis.The
beams were not fully wrapped as it could have been
impractical in real situations due to the interface with
the concrete slab. Wraps were extended over the joint
core area to the back of the column in order to minimize
the possibility of premature delamination.

Beams were either wrapped with one layer of CFRP
or two, named RPSM1 and RPSM2 respectively.
CFRP was an MBrace Fibre sheeting from MBT,
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Figure 2. Specimens’ details.

which possesses a tensile strength of about 3900 MPa,
a modulus of elasticity of 240 GPa and an ultimate
tensile elongation of 1.55%. The MBrace Saturant
(adhesive) was also used for warping the MBrace
sheet using a wet lay up method. The saturant had a
minimum tensile strength of 50 MPa and a minimum
compressive strength of more than 80 MPa. It’s modu-
lus of elasticity was around 3000 MPa and it’s ultimate
elongation around 2.5%.

3.3 Test fixtures and instrumentation

The specimens were tested in a 2D testing frame. This
test frame was equipped with a hydraulic actuator of
100 kN capacity and a hydraulic jack with a maximum
capacity of 500 kN. Although the loading was applied
monotonically, the actuator was capable of applying
cyclic loads in both load and displacement control
regimes. Load and deflections were automatically
recorded using a computerized data acquisition sys-
tem.The relative displacement of a primary point at the
beams’end and a secondary point located 15 mm apart
was captured using four LVDTs placed on the concrete
surface at the reinforcement position and the extreme
fibres of the concrete compressive zone in other to
obtain the strain in the main steel bars and the concrete.

3.4 Loading regime

Lateral loads were applied to the beam tip using a
100 kN hydraulic actuator. A constant 305 kN load
was applied to the column using a hydraulic jack.
The control specimen CSM0 (Control Specimen under
Monotonic load – number 0) was loaded monoton-
ically. The load control regime was used to capture
the steel reinforcement yielding point. After yielding,
the test was continued using a displacement control
regime up to displacements that were corresponding
to a ductility ratio of 5.

The two repaired specimens were tested twice. Once
prior to repair where they were called control spec-
imens CSM1 and CSM2 and once after the repair
was performed, where they were called RPSM1 and
RPSM2. CSM1 and CSM2 were loaded in a similar
manner to CSM0 to first yield under a load con-
trol regime and then to a ductility ratio of 2 in a
displacement control manner. At that ductility level,
the specimens were cracked significantly, but not
destroyed. They were then repaired and retested to
failure in a manner similar to that described before.

4 EXPERIMENTAL RESULTS

4.1 Control specimen CSM0

The first plain control specimen was tested to failure
in order to determine it’s capacity, flexural stiffness,

655



Figure 3. Ultimate failure of specimen CSM0.

and failure mode (see Figure 1). Firstly, the load cor-
responding to steel yielding was calculated from a
nonlinear numerical analysis performed by ANSYS
as being equal to 17 kN. The tip displacement corre-
sponding to this load was also calculated as 18.4 mm.
When this load level was reached in the experiments,
flexural cracks were developed at the beam-end close
to the column face ranging from 1.5 mm to 10 mm in
width. Larger cracks of up to 20 mm were observed at
a distance of 85 mm from the column face.

Some propagation of cracks (around 30 mm deep)
into the joint region was also visible. The ultimate
load for the specimen was about 24.6 kN with a corre-
sponding displacement of 70 mm. The ultimate failure
mode of CSM0 is shown in Figure 3 and the load-
displacement in Figure 7. As is seen, the behaviour
is linear up to a load of 5 kN. The initial stiffness
measured from the curve is around 1.11 kN/mm.

4.2 CFRP-repaired specimen RPSM1

Prior to the application of composite systems, the sur-
face of pre-cracked specimen CSM1 was ground and
loose spalled concrete pieces were removed using air
jet pressure to assure a good bond between CFRP sheet
and concrete. It was also buffed clearly using Acetone.
A film of primer was applied to fill cracks and voids
on the damaged areas of the specimen. The primer
was allowed to cure for 24 hours after application. The
concrete surface was then ground smooth and unidi-
rectional MBrace CF130 sheets were applied using
MBrace Saturant adhesive.

The repaired specimen was first loaded to initial
yield under load control and then to failure under a dis-
placement control regime.The behaviour was linear up
to a load of about 2.5 kN which is about 50% less than
plain specimen CSM0. After this load a slight non-
linearity was observed up to a load of 20.15 kN (and
the corresponding vertical displacement of 16.4 mm),
which was corresponding to steel yielding. At this
point, the repaired cracks were reopened slightly

Figure 4. Ultimate failure of specimen RPSM1 & RPSM2.
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Figure 5. Load versus displacement for CSM1 & RPSM1.

whereas the main cracks relocated from the column
face to the cut-off point of the wrap.

The maximum load recorded in this test was
26.4 kN. As compared to the strength of the con-
trol specimen (24.6 kN), an increase in the ultimate
strength of about 7% was achieved repairing with
one-ply CFRP sheets. At ultimate, concrete crushing
occurred at the column face. Subsequently, the beam
was rotated about the fulcrum and the specimen was
failed suddenly by the rupture of CFRP on the tension
side. A loud crackling sound was heard indicating the
initiation of concrete crushing and the subsequent rup-
ture of the CFRP. No shear cracks were observed in the
wrapped area. Figure 4 shows the failure mode of spec-
imen RPSM1. Figure 5 contains the load-displacement
curves for CSM1 and RPSM1.

4.3 CFRP-repaired specimen RPSM2

In order to improve the performance of the CFRP
web-bonded repair system, a new specimen was pre-
cracked and repaired, but this time with two plies of
CFRP sheets. The same loading regime, as in speci-
men RPSM1 was applied. Under loading, the repaired
cracks did not reopen but new cracks started to develop
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beyond the cut-off point of CFRP. The failure occurred
by concrete crushing followed by the yielding of steel
reinforcement in the plastic hinge region at a dis-
tance of around 270 mm away from the column face.
FRP remained intact up to failure without any visible
debonding.

Some shear deformation within the wrapped
region was also observed. The ultimate failure mode
of RPSM2 is shown in Figure 4 and the load-
displacement of CSM2 and RPSM2 in Figure 6.

The maximum load recorded in this test was
about 25.9 kN. The strength of the repaired specimen
RPSM2 is 5.3% more than the plain specimen CSM0.
The stiffness of the specimen was also improved.

The beams’ tip load versus displacement curves for
all connection specimens is shown in Figure 7.

Comparison of the load-displacement curves indi-
cates that the integrity of the cracked beam-column
joints could be completely restored by CFRP web-
bonded repair system.

5 NUMERICAL INVESTIGATION

A nonlinear numerical analysis usingANSYS was per-
formed in order to numerically recreate the observed
failure mechanisms. To perform the analysis, a three
dimensional model was used. The concrete was

Figure 8. Typical FE mesh of the retrofitted Joint.
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Figure 9. Comparison between ANSYS predictions and the
test result for CSM0.

modelled using solid65 that is ANSYS specifically
designed element for reinforced concrete. This ele-
ment is capable of modelling plasticity, cracking and
crushing of the concrete. The stress-strain curve pre-
sented by Kwak and Fillippou (1990) was employed
in order to model the concrete properties. Steel rein-
forcements were modelled using space truss elements
(ANSYS element link8). Material properties of link8
elements include a multilinear stress strain curve to
account for plastic deformation and strain hardening of
the steel reinforcing bars. CFRP sheets were modelled
using a three dimensional solid element (ANSYS ele-
ment solid45) which possesses anisotropic plasticity.
Figure 8 shows a typical FE mesh of retrofitted joint.

Figures 9, 10 and 11 contain a comparison between
ANSYS predictions and the test results. As is seen, the
agreement is reasonable. The results of ANSYS match
the plain RC beam better than the repaired specimens.
This may be a result of bond slip between FRP and
concrete that is ignored in the current analysis.
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Nevertheless, as results are reasonably close,
ANSYS can be used as a tool in order to understand
the behaviour and to design the appropriate amount
of CFRP in order to relocate the plastic hinge while
maintaining a ductile failure mode.

6 SUMMARY AND CONCLUSIONS

Based on the experimental results, it evident that the
web-bonded CFRP repair system is capable of a full
restoration or even enhancement of the original capac-
ity of damaged beam-column joints. Table 1 summa-
rizes the experimental test results and the percentage
strength gain obtained in this study.

The test results reported herein have led to the fol-
lowing conclusions concerning the efficiency of CFRP
sheets for repairing damaged RC beam-column joints:

1. The repair process restores the integrity of the
specimen.

2. Both the rotational stiffness and the ultimate flexural
strength of the damaged RC joint were increased
after repair.

3. The repaired specimen may be stiffer than the orig-
inal, and the loss of ductility need to be considered.

Table 1. Summary results for CFRP-repairing.

Ultimate Strength Failure
Specimen load (kN) increase (%) location

CSM0 24.6 – Beam-end
RPSM1 26.4 7.0 Beam-end
RPSM2 25.9 5.3 Within the beam

4. The ductility of the repaired specimen can be main-
tained when enough FRP is utilised to ensure a
ductile failure due to the development of a plastic
hinge at the FRP cut-off point.

5. Using a supporting U-wrap system is recommended
in order to confine the retrofitting wraps thus ensur-
ing a complete transfer of plastic hinge away from
the column towards the beam.
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ABSTRACT: The feasibility and efficiency of a retrofit intervention on gravity load-designed frame systems
using externally bonded FRP composites is herein presented, through both analytical and experimental inves-
tigations. A multi-level retrofit strategy is proposed to achieve the desired performance, based on hierarchy
of strength considerations. The expected sequence of events can be visualized through demand-capacity curves
within M-N Performance-Domains. An analytical procedure able to predict the enhanced non-linear behaviour of
the panel zone region, due to the application of CFRP laminates, in terms of shear strength (principal stresses) vs.
shear deformation, is developed and proposed as a fundamental step for the definition of a proper retrofit strategy.
The experimental results from quasi-static tests on 2/3 scaled beam-column subassemblies (either interior and
exterior) in as-built and retrofitted configuration, provided very satisfactory confirmations of the viability and
reliability of the retrofit solution adopted as well as of the proposed analytical procedure.

1 INTRODUCTION

Extensive experimental-analytical investigations on
the seismic performance of existing reinforced con-
crete frame buildings, designed for gravity loads only,
as typically found in most seismic-prone countries
before the introduction of adequate seismic design
code provisions in the 1970’s, confirmed the expected
inherent weaknesses of these systems (Aycardi et al.,
1994; Beres et al., 1996; Hakuto et al., 2000; Park,
2002; Pampanin et al., 2002; Bing et al., 2002; Calvi
et al., 2002a,b). As a consequence of poor reinforce-
ment detailing, lack of transverse reinforcement in the
joint region as well as absence of any capacity design
principles, brittle failure mechanisms were observed.
At a local level, most of the damage is likely to occur
in the beam-column joint panel zone while the for-
mation of soft-story mechanisms can greatly impair
the global structural performance of these RC frame
systems. An appropriate retrofit strategy is there-
fore required, which is capable of providing adequate
protection to the joint region while modifying the hier-
archy of strengths between the different components of
the beam-column connections according to a capacity
design philosophy.

Alternative retrofit and strengthening solutions
have been studied in the past and adopted in practical
applications. A comprehensive overview of traditional

seismic rehabilitation techniques was presented by
Sugano (1996). Conventional techniques which uti-
lize braces, jacketing or infills as well as more recent
approaches including base isolation and supplemen-
tal damping devices have been considered. Most
of these retrofit techniques have evolved in viable
upgrades. However, issues of costs, invasiveness, and
practical implementation still remain the most chal-
lenging aspects of these solutions. Preliminary inves-
tigations on a non-invasive and economical retrofit
solution based on metallic haunch connections have,
for example, been recently presented by Pampanin &
Christopoulos (2003).

In the past decade, an increased interest in the
use of advanced non-metallic materials, including
Shape Memory Alloys, SMA (Dolce et al., 2000), or
Fibre Reinforced Polymers, FRP ( fib 2001), has been
observed.

In this contribution, the feasibility and efficiency
of a retrofitting intervention using FRP composite
materials, according to a multi-level performance-
based approach will be presented. Depending on the
joint typology (interior or exterior) and on the struc-
tural details adopted, alternative objectives can be
achieved in terms of hierarchy of strength within the
beam-column-joint system.

The theoretical developments of the retrofit strat-
egy as well as the characteristic of the simplified
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analytical model adopted to evaluate the increase in
shear strength in the joint panel zone region will be
described. The results from experimental quasi-static
tests on as-built and CFRP retrofitted beam-column
subassemblies (either exterior and interior), 2/3 scaled,
will be presented. Extremely satisfactory performance
of the retrofitted specimens was observed: the desired
hierarchy of strength and sequence of events, accord-
ing to the proposed multi-level design strategy, were
achieved as targeted and well-predicted by the analyt-
ical methods.

2 SEISMIC RESPONSE OF EXISTING
POORLY DETAILED BUILDINGS

2.1 Experimental results

The first phase of the research project involved
the assessment, through analytical and experimental
investigations, of the seismic vulnerability of existing
reinforced concrete frame systems, primarily designed
for gravity-loads as typical of the period between
1950s & 1970s, before the introduction of modern
seismic design provisions in the mid-1970s.
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Figure 1. Geometry and reinforcement details in exterior
joint specimen T1 and interior specimen C2.

Table 1. Specimen reinforcement and section geometry.

Section Longitudinal Transverse
Joint type Specimen dimensions reinforcement reinforcement

Exterior tee T1A, T1B∗∗ Beam 330 × 200 mm∗ Top 2φ8 + 2φ12; Bottom φ4@115 mm∗
2φ8 + 2φ12

Column 200 × 200 m∗ 3φ8 + 3φ8∗ φ4@135 mm∗

T2A, T2B∗∗ Beam Top 2φ8 + 1φ12; Bottom
2φ8 + 1φ12

Column

Interior C1∗∗, C3∗∗ Beam Top 2φ8 + 3φ12; Bottom
2φ8 + 1φ12

Column
C2, C4 Beam Top 2φ8 + 2φ12; Bottom

2φ8 + 1φ12
Column

∗ Equal for all specimens.
∗∗ Reinforced with FRP.

The experimental program, part of a co-coordinated
national project, comprised of quasi-static tests carried
out at the Laboratory of the Department of Structural
Mechanics of the University of Pavia on six, 2/3 scaled,
beam-column joint subassemblies (two exterior knee-
joints, two exterior Tee-joints and two interior joints,
Fig. 1) as well as on a three-storey three bays frame sys-
tem. Particular attention was given to the vulnerability
of the panel zone region. An overview of the results
will be herein given while more details can be found
in Pampanin et al. (2002) and Calvi et al. (2002b).

Table 1 reports the fundamental geometric and
reinforcement details of section of the beam-column
subassemblies specimens: both identifications cor-
responding to as-built and retrofitted configurations
(discussed later in the contribution) are indicated.

The testing loading protocol for the beam-column
subassemblies (set-up shown in Fig. 2, left side) con-
sisted of increased level of lateral top displacements
(series of three cycles) combined with a variation of
axial load as a function of the lateral force, as would

reaction wall
support frame

load
cell

pinned arm

base
hinge

hydraulic
jack

floor

load
cell

Figure 2. Test set-up and shear hinge mechanism in exterior
joint (specimen T1).
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occur in a beam-column subassembly during the sway
of the frame.

The exterior tee-joint specimens showed (at both
subassembly and frame system level) a particular brit-
tle hybrid failure mechanism given by joint shear
damage combined with slippage of beam longitudinal
(plain round) bars within the joint region with concen-
trated compressive force at the end-hook anchorage.
As a result, a concrete “wedge” tended to spall off (Fig.
2 right side), leading to a brittle local failure and loss
of bearing-load capacity (Fig. 3).

Conversely, the interior joint specimens showed sig-
nificant resources of plastic deformation (Fig. 4), even
without specific ductile structural details.

A marked pinching was still observed, due to slip of
the column longitudinal reinforcement bars. Accord-
ing to preliminary capacity design considerations,
shear joint cracking and column hinging were pre-
dicted to be relatively close events. The concentration
of flexural damage in the column at early stages, thus,
acted as a structural fuse for the joint panel zone, which
did not suffer significant cracking and damage. How-
ever, it should be recalled that the global frame system
response can be seriously impaired if column hinging
leads to a soft-storey mechanism.

2.2 Shear hinge mechanism and global
response

The experimental quasi-static tests on the three storey-
three bays frame system (Calvi et al., 2002b) con-
firmed the high vulnerability of the panel zone region
as observed at a subassembly level (particularly in
exterior joints) and the tendency to develop unde-
sirable global mechanisms, due to the absence of an
adequate hierarchy of strength.

In particular, an interesting peculiar mechanism
at global level was observed, when compared to a
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Figure 3. Hysteresis loop of exterior Tee-joint (speci-
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weak-column strong-beam mechanism (which would
lead to a soft storey mechanism), typically expected in
existing building.

Based on the experimental evidences and numerical
investigations, the concept of a shear hinge mechanism
has been proposed as an alternative to flexural plastic
hinging in the beams (Pampanin et al., 2002, 2003).
The concentration of shear deformation in the joint
region, through the activation of a so-called “shear
hinge”, can reduce the deformation demand on adja-
cent structural members, postponing the occurrence of
undesirable soft-storey mechanism (see Fig.5).

The drawback of this apparent favourable effect on
the global response is the increase in shear defor-
mations in the joint region which can possibly lead
(depending on the joint typology and structural details
adopted) to strength degradation and loss of vertical
load-bearing capacity. The post-cracking behaviour of
the joint depends, in fact, solely on the efficiency
of the compression strut mechanism to transfer the
shear within the joint. Thus, while rapid joint strength
degradation after joint diagonal cracking is expected
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Figure 5. Frame response global mechanism: plastic hinges
and shear hinges (top drift 1.6%, Calvi et al., 2002b).
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in exterior joints, an hardening behaviour after first
diagonal cracking can be provided by an interior joint.

A critical discussion on the effects of damage and
failure of beam-column joints in the seismic assess-
ment of frame systems has been given in Calvi et al.
(2002a). Limit states based on joint shear deforma-
tions have recently been defined and are reported in
Pampanin et al. (2003). Based on a detailed assessment
of the local damage and corresponding global mech-
anisms, a more reliable seismic rehabilitation strategy
can be defined.

3 MULTI-LEVEL RETROFIT STRATEGY

Independently on the technical solution adopted, the
efficiency of a retrofit strategy strongly depends on a
proper assessment of the internal hierarchy of strength
of beam-column joints as well as of the expected
sequence of events within a beam-column system
(shear hinges in the joints or plastic hinges in beam and
column elements). The effects of the expected dam-
age mechanisms on the local and the global response
should also be adequately considered.

3.1 Performance-based retrofit strategy

An ideal retrofit strategy would not only protect the
joint panel zone region, identified critically weak
point in older frames, but would further upgrade the
structure to exhibit the desired weak-beam strong-
column behaviour which is at the basis of the design
of new seismic resistant RC frames. However, due
to the disproportionate flexural capacity, in gravity
load dominated frames, of the beams when compared
to the columns a complete inversion of hierarchy of
strengths is difficult to achieve in all cases and for
all beam-to-column connections without major inter-
ventions. This is especially true for interior beam-
to-column connections where the moment imposed on
interior columns from the two framing beams is signif-
icantly larger than for exterior columns. As indicated
in the previous paragraph, interior joints are less vul-
nerable than exterior joints and exhibit a much more
stable hysteretic behaviour with hardening after first
cracking. It is thus conceivable, in a bid to protect
the interior columns from hinging, to tolerate some
joint damage. According to a multi-level retrofit strat-
egy approach suggested by Pampanin & Christopoulos
(2003), two levels of retrofits can therefore be consid-
ered, depending on whether or not interior joints can
be fully upgraded.

A complete retrofit would consist of a full upgrade
by protecting all joint panel zones and developing
plastic hinges in beams while columns are protected
according to capacity design principles. A partial
retrofit would consist of protecting exterior joints,
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of events: M-N performance-domain (exterior Tee-joint T1 in
as-built configuration).

forming plastic hinges in beams framing into exte-
rior columns, while permitting hinging in interior
columns or limited damage to interior joints, where
a full reversal of the strength hierarchy is not possible.
The viability of the partial retrofit strategy must be
investigated on a case-by-case basis to assure that the
localized damage to interior joints does not severely
degrade the overall response of the structure or jeopar-
dize the ability of the interior columns to safely carry
gravity loads.

3.2 Assessment of sequence of events:
performance domains

A simple procedure to compare the internal hierar-
chy of strengths within a beam–column-joint system
is herein presented. The evaluation of the expected
sequence of events is then proposed to be carried out
through comparison of capacity and demand curves
within a M-N (moment-axial load) performance-
domain.

Figure 6 shows, as an example, the M-N perfor-
mance domain adopted to predict the sequence of
events and level of damage in the joint panel zone
expected for the exterior specimen T1.

The capacities of beam, column and joints are
referred to a given limit state (e.g. for joints: cracking,
equivalent “yielding” or extensive damage and col-
lapse) and evaluated in terms of equivalent moment
in the column at that stage, based on equilibrium con-
siderations within the beam-column joint specimen.
While the evaluation of M-N curves for beams and
columns is a relatively simple task, the definition of
an “equivalent” curve to represent the joint panel zone
can rely on the procedure described below.

The capacity or damage level of a joint is typ-
ically expressed in terms of nominal shear stress
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(vjn) or principal compression/tensile stresses (pc, pt).
Although current codes (e.g. ACI 318-02, AIJ, EC8,
NZS3101) tend to adopt simplified provisions which
limit the nominal shear stress vjn expressed as function
of the concrete tensile strength, k1

√
f ′
c , or the concrete

compressive strength, k2f ′
c , where k1 and k2 are empiri-

cal constants, it is commonly recognized that principal
stresses, by taking into account the contribution of the
actual axial compression stress acting in the column,
can provide more accurate indications on the stress
state and thus damage level in the joint region.

Typical strength degradation models, available in
literature and based on research on poorly designed
joints (e.g. Priestley, 1997, Pampanin et al., 2002,
shown in Fig. 7) can be adopted to define limit states
in a joint panel zone subjected to shear and axial load.

According to the simplified analytical model pro-
posed by Pampanin et al. (2003) to describe the joint
non-linear behaviour, based on a rotational spring
within a concentrated plasticity approach, the equiv-
alent moment-rotation curve of the joint region (i.e.
monotonic characteristics of the spring model) can
be derived from the corresponding principal tensile
stress-shear deformation curve using equilibrium con-
siderations: for any given level of principal tensile
(or compression) stress in the joint, the correspond-
ing “joint moment” Mj, which is either the sum of the
beam moments or the sum of the column moments at
that stage, can be evaluated.

So doing, M-N capacity curves corresponding to the
different joint limit states can be plotted within a per-
formance domain where “equivalent column” capacity
are represented.

As shown in Fig. 6 (as-built exterior specimen T1),
demand curves should account for the variation of
axial load due to the effects of lateral forces in a
frame system (for either opening and closing of the
joint). Incorrect and non-conservative assessment of

Table 2. Sequence of events for exterior specimen T1
(as-built configuration).

Specimen T1 (as-built)

Type of Lateral force
lateral force No. Event [kN]

Open joint 1 Joint cracking and −10.94
F < 0 deterioration

starting pt = 0.19
√

f ′
c

2 Beam yielding −16.59
3 Upper column yielding −20.50
4 Lower column yielding −22.75

Close joint 5 Joint failure 9.37
F > 0

6 Lower column yielding 13.50
7 Upper column yielding 14.50
8 Beam yielding 16.59

the sequence of events can otherwise result, leading to
inadequate design of the retrofit intervention

In the case of specimen T1, in the as-built configu-
ration, a pure shear hinge mechanism, with extensive
damage of the joint, was thus expected (using a proper
demand curve) prior to any hinging of beams or
columns (Table 2), as confirmed by the experimental
tests. However, the order and “distance” of the events
strongly depends on the demand curve assumed. If a
constant axial load curve was used (as shown in Fig. 6
for N = −100 kN), only a minor increase in the column
strength (in addition to the joint strengthening) would
have appeared necessary, leading to a column hinging
occurring before the formation of a beam hinge (i.e.
high risk of a soft storey mechanism even after the
retrofit intervention).

The concept of a performance-domain could thus be
extended from the purpose of assessing as-built sys-
tems and adopted to evaluate and control the feasibility
and efficiency of any retrofit strategy on beam-column
joints, provided that the effects of the retrofit solution
on the single elements (beams, column or joint panel
zone) can be simply and independently evaluated as
described in the following paragraphs.

4 FRP STRENGTHENING EFFECTS:
ANALYTICAL MODEL

The effects of a retrofit intervention with FRP com-
posite materials, in the form of externally bonded
reinforcement (EBR), on beam-column joint, in terms
of flexural or shear capacity in beams, columns and
panel zone region, is carried out through a step-by-
step procedure. The occurrence of defined limit states
(cracking, yielding, debonding, crushing and spalling
of concrete, failure within the adopted materials)
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corresponding to given stress or strain value can thus
be properly evaluated and controlled when designing
the retrofit intervention. As mentioned and shown, an
accurate prediction of the expected sequence of events,
can thus be obtained through M-N performance-
domains.

Analytical procedures available in literature are
adopted and properly modified to account for debond-
ing phenomena as well as, more importantly, for the
effects of the variation of axial load onto the joint panel
zone behaviour (critical issue typically neglected).

4.1 Flexural FRP retrofit of beams
and columns

The enhanced flexural behaviour of a FRP retrofit
beam or column critical section was evaluated though
a fibre section analysis. Bernoulli-Navier hypothesis
on plane sections remaining plane was assumed, con-
sidering fully composite action (bond) between the
external FRP laminates and the concrete. Debonding
was taken into account according to the model pro-
posed by Holzenkämpfer (1994) (and adopted by the
fib guidelines of FRP retrofit, 2001), and thus expected

to occur at a strain limit level εdeb = c1 ·
√

fctm
Ef tf

, where

Ef is the FRP E-modulus, fctm the mean value of
concrete tensile strength, s the thickness of the FRP
laminate and c1 an empirical coefficient taken as 0.64
for CFRP as suggested by Neubauer & Rostasy (1997).

The material behaviour was defined through proper
stress-strain relationships, as follows: Mander et al.
(1988) model for concrete; Dodd-Restrepo model
(1995) for steel and a linear-elastic rule for the FRP
composite material, consistent with the properties
supplied by the provider.

The moment-curvature behaviour of the critical sec-
tion in presence of externally bonded FRP laminate
can thus be evaluated for different level of axial load
(Fig. 8) using an iterative procedure as typically done
for R.C. sections.
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The position of the neutral axis is estimated until
both compatibility and equilibrium conditions are sat-
isfied. M-N capacity curves for beams and columns
corresponding to a given limit state can be derived
and plotted in a performance-domain to define the
sequence of events.

The confinement effects of the FRP on the sec-
tion curvature ductility capacity can be taken into
account following procedures available in literature
(e.g. Spoelstra & Monti 1999).

4.2 Shear FRP retrofit of joint

The evaluation through analytical models of the
strengthening effects on the panel zone (joint) shear is
a more complex task with limited research available
in the literature. An overview of alternative proce-
dures has been given by Antonopoulos & Triantafillou
(2002). Typical over-simplified approaches consider
the contribution of the FRP equivalent to external
“stirrups” (analogy with steel transverse reinforce-
ment). Upper limits of the maximum strain in the
FRP material are used in the calculations, either cor-
responding to the declared ultimate tensile capacity
(Gergely et al. 1998) or to a constant strain values
depending on the preparation of the concrete surface
(Tsonos & Stylianidis, 1999; Gergely et al., 2000).

A more rigorous model, based on stress equilib-
rium and strain compatibility equations of the panel
zone region (idealized as a three-dimensional element)
has been presented by Antonopoulos & Triantafillou
(2002) as an extension of the model for RC joint
behavior without FRP proposed by Pantazopoulou &
Bonacci (1992). Satisfactory validation of the analyt-
ical model was obtained on the experimental results
on a total of 15 beam-column exterior beam-column
subassemblies, tested by the authors (Antonopoulos &
Triantafillou, 2003) or available in literature (Gergely
et al., 2000).
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It is however important to underline that, as typi-
cally done in most experimental tests on beam-column
joints, no variation of axial load as a function of the
lateral force during the lateral sway of a frame system
was considered during the tests. The implications of
assuming a constant load in the assessment of sequence
of event prior or after a retrofit intervention has been
briefly discussed in the previous paragraphs.

In the present contribution the step-by-step iterative
procedure proposed by Antonopoulos & Triantafillou
(2002) is adopted as a sound basis tool and extended
after simple modifications, to separately evaluate the
contribution of FRP on the concrete compression
strength in terms of principal tensile-shear deforma-
tion curve of the joint.As shown in Figure 9, the overall
joint strength degradation curve would thus be given
by the combination of the contributions of FRP and
the concrete.

In terms of modelling according to a plasticity
concentrated approach, two rotational springs (with
moment-rotation curves derived, as mentione, accord-
ing to the method proposed by Pampanin et al., 2003)
can be adopted to represent the two independent
contributions.

It is in fact expected (later confirmed by the exper-
imental tests) that the cracking and damage of the
joint can still occur underneath the protection given by
the FRP laminates, whose major effect is to increase
the overall joint strength, avoiding local failure mech-
anism (as the “concrete wedge” mechanism) and
achieving an enhanced global behaviour by developing
a more desirable sequence of events (e.g. weak-beam
strong-column mechanism if a total retrofit strategy is
followed).

Details on the analytical procedure and simplified
design method can be found in Vecchietti (2001) and
Nassi (2002).

5 DESIGN OF RETROFIT INTERVENTION

According to the proposed multi-level retrofit strat-
egy, a full retrofit was adopted for the exterior joint
(protection of the joint and plastic hinge in the beam)
while a partial retrofit was adopted for the interior

Table 3. Properties of high modulus carbon fibre with unidirectional fabric
(MBrace CFRP C5-30).

Effective Characteristic Characteristic
thickness tensile modulus Ultimate

Density of 1 layer strength of elasticity strain
Fibre [kg/m3] [mm] [MPa] [MPa] [%]

High 1820 0.165 3000 390000 0.8
modulus
carbon

joint specimen (partial protection of the column hing-
ing while some damage in the joint region can be
accepted).

Issues related to the expulsion of the concrete wedge
in the exterior joints as well as to the premature
debonding of the fibres were carefully considered as
explained in the following sections.

5.1 Retrofit solutions

Alternative FRP retrofit solutions (relying on differ-
ent form or properties of the composite material) have
been successfully proposed in literature and available.
As mentioned, extensive experimental investigations
on exterior beam-column joint retrofitted with FRP
(in the form of laminates or strips) have been car-
ried out by Triantafillou & Antonopouos (2003). Due
to the scope of that investigation (evaluation of FRP
contribution to the joint shear strength), the design
of the retrofit strategy aimed at guaranteeing that the
damage occurred in the joint region. A selective seis-
mic strengthening technique for gravity load designed
frames, relying on both FRP laminates and NMS
(Near Mounted Surface) has been recently proposed by
Prota et al. (2002).

In this contribution, uni-directional carbon fiber
laminates (high-modulus CFRP,Table 3) were adopted
in the configurations illustrated in Figures 10 and 11,
for exterior joint and interior joint, respectively.
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Vertical FRP laminates were used on the external
face of the column in both interior and exterior joints
(2 layers per side) in order to increase the column
flexural capacity as well as the joint shear strength.
In addition, in the exterior joint specimen, a U-shape
horizontal laminate, wrapped around the exterior face
of the specimen at the joint level, was used to increase
the joint shear strength as well as prevent the expulsion
of a concrete wedge.

An adequately limited anchorage length within the
beam was calculated in order to guarantee sufficient
shear strengthening in the joint without excessively
increasing the beam capacity (as per Fig. 6). Although
the evaluation of strengthening effects was carried out
including debonding effects (when non-conservative),
additional smaller strips were used to wrap the main
FRP laminates and provide proper anchorage. In the
case of the interior joint, the FRP laminate cross-
ing the joint was intentionally left unprotected from
debonding in the joint panel zone region.

Table 4. Sequence of events for exterior specimen T1
(retrofit configuration).

Specimen T1B (strengthened)

Type of Lateral force
lateral force No. Event [kN]

Open joint 1 Beam yielding −18.91
F < 0 2 Upper column yielding −23.11

3 Joint cracking (no −24.15
strength degradation)

4 Lower column yielding −25.32

Close joint 5 Lower column yielding 15.75
F > 0 6 Upper column yielding 16.98

7 Beam yielding 18.91
8 Joint failure 19.67

The target performance of the retrofit solution was
controlled using the proposed procedure and M-N
performance-domain as shown in (Fig. 12) and Table 4
for the exterior specimen T1B.

6 EXPERIMENTAL RESULTS

The results of the experimental quasi-static tests on
three beam column joints in the retrofitted configu-
rations (namely T1B, T2B, and C3, with the test on
C1 being under preparation) provided very satisfac-
tory confirmations of the efficiency of the adopted
retrofit solution as well as of the reliability of the ana-
lytical procedure developed to design the intervention
and assess the expected sequence of events and per-
formance. A summary of the results is herein given,
while more details are available in Nassi (2002) and
will be reported in future publications.

In all cases, the retrofit objective based on a
multi/level retrofit strategy was achieved, leading to
a significantly improvement in the behaviour of the
subassemblies, which ultimately imply an enhanced
behaviour of the frame system (adequate global inelas-
tic mechanism).

As shown in Figure 13, a properly designed FRP-
retrofit solution can protect and avoid the formation
of a brittle shear hinge mechanism and reestablished
a more desirable hierarchy of internal strengths and
sequence of events, enforcing a beam plastic hinge
mechanism (total retrofit).

As a result, an improved and more stable hysteresis
behaviour was observed with increased ductility and
energy dissipation capacity (Figs 14 and 15).

The values of lateral force corresponding to the
occurrence of the critical events were well-predicted
by the analytical methods (presented in Fig. 12 and
Table 4).
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Figure 13. Alternative damage mechanisms; a) shear hinge
(as-built T1); b) beam plastic hinge (retrofitted T1B).
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Similar considerations can be derived for the inte-
rior joint (specimen C3, Fig. 16) where the partial
retrofit strategy led to a controlled debonding of
the column vertical fibres crossing the joint. The
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Figure 16. Comparison of hysteresis behavior of as-built
and FRP-retrofitted configuration: exterior specimen T2B.

formation of flexural damage in the column was
thus postponed. In addition to the increased overall
strength, the FRP provided a favourable confinement
effects in the column plastic hinge region avoiding
the premature crushing and spalling of concrete cover,
protecting from strength degradation, buckling of the
longitudinal bars and consequent failure.

Moreover, preliminary analytical-experimental com-
parison of the joint behaviour in terms of principal
tensile stress vs. shear deformation curve confirmed
the efficiency of the adopted analytical model in eval-
uating the strengthening effects of FRP on the joint
shear strength.

7 CONCLUSIVE REMARKS

The preliminary results of quasi-static tests on beam-
column joint specimens, designed for gravity load only
and retrofitted with CFRP laminates, provided very
satisfactory confirmation of the efficiency of similar
solutions for existing buildings.

A multi-level retrofit strategy depending on the
subassemblies type and structural details has been
proposed to achieve the desired performance with a
feasible intervention. A simplified procedure to eval-
uate and control the sequence of event using M-N
performance-domain has been presented.

In the exterior joint, the occurrence of a brittle joint
shear mechanism was adequately protected and a more
desirable hierarchy of strengths and sequence of events
achieved, leading to a more ductile and dissipating
hysteresis behaviour.

Similar retrofit procedure and solutions have been
adopted on a three storey frame system, whose exper-
imental quasi-static tests is on preparation and will
be conducted by middle of the year. The results from
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the test on the retrofitted configuration as well as
comparisons with the performance of the as-built con-
figurations (Calvi et al., 2002b), will allow to further
validate the efficiency of the proposed retrofit strategy
concept and methods.

Ultimately, as discussed in the introduction, issues
of accessibility of the joint region and invasiveness
will be faced in real applications. It is worth however
noting that a typical geometrical and plan configu-
ration of existing buildings designed for gravity load
only in the 1950s–1970s period consist of frames run-
ning in one direction only and lightly reinforced slab in
the orthogonal direction, the latter being quite typical
of the construction practice in Mediterranean coun-
tries. In these cases, the adoption of the proposed
retrofit intervention can be somehow facilitated, when
compared with more recently designed buildings with
frames in both directions and cast-in-situ concrete
slabs providing flange effects.
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Numerical simulation of FRP strengthened unreinforced masonry

S.H. Xia & D.J. Oehlers
Department of Civil and Environmental Engineering, Adelaide University, Adelaide, Australia

ABSTRACT: In this paper, a numerical simulation method was used to study the effect of interface model
between Fiber Reinforced Polymer (FRP) plates and masonry on the structural response of FRP strengthened
unreinforced masonry (URM) beams. Interfacial shear stress versus slip relationship was determined from a series
of pullout tests. A numerical simulation was developed to model the debonding formation of FRP strengthened
URM beams. For simplicity, bricks were assumed to be linear elastic while brick-to-brick through mortar and
masonry-to-FRP interface were modeled by an interface element with a bi-linear constitutive relationship. The
program was then used to investigate the debonding mechanism in FRP strengthened URM structures subjected
to out-of-plane bending. Parametric analysis results showed that decrease in ascending and increase in descending
stiffness can significantly improve strength and deformation capacities of FRP strengthened URM beams and
strains at which the debonding failure occurred varied.

1 INTRODUCTION

Interfacial model plays an important role in analyzing
the behaviour of FRP strengthened reinforced concrete
(RC) and URM structures and in predicting structural
strength and ductility. While intensive research has
been carried out worldwide in investigating debonding
failure mechanisms and the bonding characteristics
of the interface for FRP strengthened RC structures
(Chen & Teng, 2001; Oehlers & Seracino 2004), to
the best of authors’ knowledge, there is no published
work on interface model and how debonding processes
to lead to final failure for FRP strengthened URM;
although much existing research on FRP strengthened
URM has reported that debonding is a major premature
failure mechanism in FRP strengthened URM.

Testing of FRP plated masonry specimens under
out-of-plane load has primarily been performed by
Saadatmanesh (1997). During out-of-plane bending
tests of FRP plated URM wall specimens, Gilstrap and
Dolan (1998) observed that, as a result of early fail-
ure due to debonding, predicted failure loads exceeded
experimental wall strengths by anywhere between
25–800%. Recent experimental studies have focused
on making FRP retrofitting a viable alternative to con-
ventional retrofitting techniques, and in the derivation
of semi-empirical formulae to predict the response
of FRP retrofitted URM walls. The effect of varying
FRP material and layout on the load carrying capacity
and ductility of FRP plated URM walls under out-
of-plane bending was investigated by Hamoush et al.
(2002) and Albert et al. (2001). Holberg & Hamilton

(2002) improved the ductility by combining a Glass
FRP composite system with conventional structural
steel and reinforcing steel connections to ensure steel
yield before rupture of the brittle FRP. Hall et al. (2002)
introduced ductility into the FRP retrofitted masonry
walls by using a hybrid strengthening system. Kuzik
et al. (2003) found that the amount of Glass FRP sheets
significantly affected the behaviour of the retrofitted
URM walls, and walls with small cracks under succes-
sive out-of-plane loading cycles could still maintain
their integrity. A simple method to predict the overall
moment-deflection response of FRP retrofitted walls
was presented, in which, the ultimate FRP strain was
derived from regression analysis of test data with one
variable being the amount of FRP reinforcement.

The bonding characteristics of the interface between
FRP composites and the surface of parent struc-
tures have usually been investigated experimentally by
examining the effect of certain key parameters on the
debonding failure mechanism. One such representa-
tive experiment is the pullout test. The main purpose
of the pullout test is to determine the shear stress distri-
bution and slip along the interface as the load increases
and debonding forms. A shear stress and slip relation-
ship or interface law is then correlated and is adopted
in finite element simulation and in deriving analytical
solutions of debonding strengths.

In this paper, based on an interface mode obtained
from the results of a series pullout tests carried out
for FRP strengthened masonry recently at the Univer-
sity of Adelaide (Xia & Oehlers, 2004), a numerical
simulation was developed to model the debonding
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formation of FRP strengthened URM beams. For sim-
plicity, bricks were assumed to be linear elastic while
mortar and masonry-to-FRP interface were modeled
by an interface element with bi-linear constitutive law.
The program was then used in a parametric study to
investigate debonding mechanism in FRP strength-
ened masonry structures subjected out-of-plane bend-
ing. It is worth noting that only debonding failure was
investigated in this paper.

2 FINITE ELEMENT ANALYSIS

2.1 Elements

A finite-element program has been developed to sim-
ulate the interfacial shear stress distribution, and the
propagation of debonding along the plate bond length,
and the debonding strain at which failure occur. For
simplicity, the linear elastic response of the mortar
was smeared with that of the brick into a masonry
block which was assumed to be linear elastic. A four-
node plan stress quadrilateral iso-parametric element
was adopted to divide each masonry block into iden-
tical meshes. FRP composites were represented using
either 4-node plane stress quadrilateral iso-parametric
elements (if thickness of FRP composites can not
be ignored) or bar elements. The brick-to-brick and
masonry-to-FRP bond joints were modeled by inter-
face elements, as illustrated in Figure 1. The interface
element had four nodes but zero thickness, with two
upper nodes connected to masonry and two lower
nodes to FRP in the case of masonry-to-FRP joint,
while two right nodes connected to right masonry
and two left nodes to left masonry at mortar joint. At
each end of the interface element, interaction between
the two nodes were represented by two springs: with
a tangential (shear) spring (Kt) representing shear-
slip in the form of mode II fracture and a nor-
mal (tension-compression) spring (Kn) representing
tension-opening in the form of mode I fracture.

Brick
Element

 FRP element  Kn  

Kt

Interface
Element

Interface
Element

Figure 1. Interface element.

2.2 Constitutive laws for interface elements

Under general loading conditions, mixed-mode inter-
face debonding with large displacement discontinuity
can occur. For example, the shear strength and stiffness
of the mortar are likely to be influenced by the normal
stress. For sake of simplicity, in this paper two springs
of the interface element were assumed to be indepen-
dent before the full degradation of the interface resis-
tance is reached either in tangential direction (s ≥ sf )
or in normal direction (w ≥ wf ). The yield surface is
given in Figure 2a, where peak shear stress t− = t+, and
peak normal stress n− �= n+, which reflects the nature
of both interfaces.The constitutive law of all the spring
elements consisted of a linearly ascending branch fol-
lowed by a linearly descending branch to capture the
softening nature in the brittle material. If necessary,
a horizontal branch can be used to represent residual
stress resulted from aggregate interlock, as illustrated
in Figure 2b, where s0 and w0 are the displacement dis-
continuities in correspondence to the maximum shear
tf and the maximum traction nf , respectively. Non-
penetration of normal spring was enforced through
non-deformable spring and unlimited compressive
strength, as shown Figure 2c.

For the mortar joints, the initial Kn and Kt of the
brick-to-brick interface can be either assumed to be
infinite as elastic response of mortar can be smeared
into that of the masonry block, or calculated to reflect
the normal and shear stiffness of the mortar through the
tributary area that a spring represents. The stiffness of
the tangential spring Kt was assumed to be zero when
mortar opening exceeded wf . The maximum tensile
of the normal spring were calculated from the tensile
strength of mortar through the tributary area that a
spring represents. The maximum shear strength of the
tangential spring was obtained from the shear strength

n

t

t+

t-

n+

(a) Yield surface of interface joint

(b) Constitutive law of
      tangential spring

t

Slip
sfs0

(c) Constitutive law of
      normal spring

n

Opening

wfw0

tf nf

Figure 2. Constitutive laws.
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of mortar that was taken as the lesser of 1.25f ′t and
0.35 MPa ( f ′t is the tensile strength of mortar) in the
numerical simulation.

The dominating failure mode at the FRP-masonry
interface is the mode II fracture failure. It is therefore
reasonable to assume a constitutive relationship for
the tension-compression spring of the FRP-masonry
interface so that no yield would occur before the shear
debonding failure and the penetration between FRP
and masonry can be minimized. The constitutive rela-
tionship of tangential spring along the FRP-masonry
was calculated from the shear stress and slip curve
obtained from test results (Xia and Oehlers, 2004).

2.3 Solution scheme

The framework of the numerical approach to accom-
modate softening of bond strength mode lies at the
intersection of three broad areas: elastoplasticity, inter-
face modeling and complementarity theory. In effect,
complementarity, an ingredient common to the first
two mentioned areas, provides a unifying framework
(theoretical and computational) for the solution of a
large number of practical and important engineering
mechanics problems. Based on the work in Tin-Loi &
Xia (2001 & 2003), a finite-element simulation has
been developed to accommodate the behaviour pecu-
liar to FRP strengthened masonry as described above.
A unified formulation describing interface behaviour
can be written as

This particular mathematical programming problem
is known as a nonlinear complementarity problem
(NCP) and is characterized by two sign-constrained
and orthogonal vectors, where, for a given, usually
continuously differentiable, nonlinear function of vari-
able z, it is required to find in a finite-dimensional
real vector z, or to show that no such z exists. A linear
complementarity problem (LCP) is recovery if F(z)
is a linear function. For the problem dealt with here,
z defines plastic multipliers or internal variables that
describe a post-peak softening behaviour in relation to
normal/shear stress with opening/slip, F(z) represents
yield function describing the progress of yielding sur-
face or the fracture processing zone, and żT F(z) = 0
describes yield condition. It is worth noting that the
constitutive law of both the normal spring and the
tangential spring are assumed to be irreversible. A
rate formulation thereby was used in Eq. (1) to handle
unloading phenomena.

The nonlinear analysis was conducted for sub-
sequent finite load increments. The computation of
the response to each step was carried out using a
predictor-corrector method through an iterative pro-
cedure consisting of a linear prediction phase and a

nonlinear correction phase. The linear prediction was
carried out under displacement control so that the
entire equilibrium path can be traced.The PATH solver
(Dirkse & Ferris, 1995) was employed to solve the
resulting NCP in the nonlinear correction phase.

3 PARAMETRIC STUDY

To date, many experiments have been conducted to
investigate the effect of certain physical parameters
have on the ultimate load capacity and deformation
capacity of FRP strengthened URM beams and walls
under out-of-plane loading. However, no study has
examined the shear stress-slip relationship along the
length of the plate and how changes in the shear
stress-slip relationship and shear-span may affect the
behaviour of FRP strengthened URM beams. There-
fore it was desirable to conduct parametric analyses
into the properties of interface model and the shear
span to determine the effect they have on the per-
formance of FRP strengthened URM beams. Simply
supported beam strengthened with a 1.2 mm thick and
50 mm wide FRP on its tension side under a point load,
as illustrated in Figure 3, was used in the parametric
study. For the purpose of the current study, the FRP
reinforcement was designed to ensure no FRP rupture
would occur. Table 1 lists all the relevant geometrical
and material parameters that are constant for all the
analyzed beams.

3.1 Validation of the numerical model

A series of beam test were conducted (Xia and Oehlers,
2004) in order to investigate failure modes under

FRP

brick mortar

Figure 3. Beam.

Table 1. Constant test specimen properties.

Parameter Symbol Value

FRP elastic modulus Ep 160 MPa
Beam width b 230 mm
Beam depth d 110 mm
Mortar thickness tm 8 mm
Brick thickness tb 62 mm
Masonry elastic modulus Em 9 GPa
Masonry compressive strength fmc 27 MPa
Mortar tensile strength fmt 0.37 MPa
Mortar elastic modulus Emor 1.23 GPa
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Table 2. Varied spans and shear spans of beams.

Specimen Span (L) Right span (a)
number (mm) (mm)

s1 560 241
s2 1042 451
s3 1462 661
s4 1952 871
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Figure 4. Comparison between predicted and experimental
bending moment and deflection curves.

various parameters and to validate numerical model.
Four beams with varying spans listed in Table 2 were
analyzed with the typical shear stress and slip obtained
from test results. All beam test specimens were plated
with a 1.2 mm thick and 50 mm wide FRP plate. Load
versus deflection for all beam specimens are plot-
ted in Figure 4 in comparing with the experimental
results. Overall, there is consistent trend for numerical
load-deflection curves in comparison with that from
the experimental results. Initial stiffness of the curves
from both results is very closed. Up to half maximum
load, numerical load versus deflection curves were
stiffer than that of experiment, especially for short
span beams in which larger shear forces are required
to produce the same amount of bending moment as it
in long-span beams. This difference is resulted from
assigning relatively large shear stiffness and shear
strength to the tangential spring at mortar joint to
avoid shear failure of mortar, which restricted the shear
deformation of mortar to be developed. It is notice-
able in Figure 4 that the predicted capacity for short
span beam is higher than experimental result. This is
due to the fact that short span beams in test did not
fail in the mode numerical simulation attempted but
in shear which typically occurred at the first mortar
joint near a support where very little shear can be
sustained through masonry-to-FRP interface. As ver-
tical flexural crack caused radical change within the
cross-sectional geometry of the mortar joint, relatively
large shear force in specimen s1 eventually caused the
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Figure 5. Shear stress end slip relationship.

blocks to split, and the two pieces translate laterally
away from one another.

3.2 Interface model of FRP-masonry joint

The interface model used in the parametric study
was linearly ascending, before a maximum shear was
reached, followed by a linear descending to accom-
modate the degradation of the interface resistance.
Figure 5 lists the variation of stiffness in both ascend-
ing and descending branches. The thin dash line in
Figure 5 is a typical shear stress and slip relation-
ship obtained from pullout tests of FRP strengthened
masonry with material properties given in Table 1 (Xia
and Oehlers, 2004). Values given in Figure 5a are the
stiffness of ascending branch with a fixed descend-
ing stiffness of −55 N/mm while in Figure 5b are the
stiffness of descending branch with a fixed ascending
stiffness of 120 N/mm. Both stiffnesses are character-
istic of masonry-to-FRP interface. In the parametric
study, beams analyzed had a constant span of 560 mm
and shear span of 241 mm and the maximum shear
stress remained unchanged along the interface. Resi-
dual stress in the shear stress and slip curve was
ignored in analyzed beams unless mentioned.

Figure 6 illustrates applied load (P) against deflec-
tions at the point of the applied load for varying
stiffness in ascending branch (Figure 6a) and in
descending branch (Figure 6b). Overall, the beams
responded in a very linear fashion and failed rapidly
when debonding cracks approached the beam support
on the short span side. It can be seen from Figure 6
that the load carrying capacity and the deformation
capacity of FRP strengthened masonry significantly
increased as the ascending stiffness was decreased
and the descending stiffness increased (note: nega-
tive value for descending). Although the change in the
stiffness of the ascending branch did affect the initial
stiffness of FRP strengthened URM beams, it had lit-
tle effect on the overall beam stiffness. As expected,
the change in stiffness of the descending branch did
not influence much the initial response. Given a resid-
ual stress of 10% of maximum shear stress in the shear
stress and slip relationship, the beam with a descending
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Figure 6. Applied load and deflection relationships for
varying stiffness in shear stress and slip curve.

stiffness of −22 MPa was reanalysed. The solid line in
Figure 5(b) displayed how a residual stress can fur-
ther improve the performance of FRP strengthened
masonry beam. Due to the brittle nature of masonry,
it is unlikely that a favourable combination of the
stiffness of the descending branch and the residual
stress can be achieved to improve the performance of
FRP strengthened URM beams. However, decrease in
ascending stiffness is possible by reducing the shear
stiffness of adhesive layer or increasing adhesive layer
thickness.

3.3 Shear span

Four beams with varying spans listed in Table 2 were
analyzed with the typical shear stress and slip given in
previous section. Figure 7a showed the shear capacity
versus span-to-depth ratio while Figure 7b the moment
capacity versus span-to-depth ratio. Without the con-
sideration of other potential failure modes reported
from experimental study (Gilstrap and Dolan,1998),
Figure 7 suggested that, the moment capacity of a beam
can be increased with the increase of beam span-depth
ratio. It was noticed from the numerical results that
the moment when debonding started to initiate from
the vertical flexure crack where the moment was the
maximum was almost the same for all four beams.
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Figure 7. Relationships between moment capacity versus
span-to-depth, and shear capacity versus span-to-depth.
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Figure 8. Force distributions in FRP and slip distributions
along the beam length for Beam s1 with untrapped support.

The applied load or the moment capacity can be fur-
ther increased as debonding started to form at other
mortar joints along the masonry-to-FRP interface until
either these debonding cracks met each other or no
further increase in the shear force transferred through
masonry-to-FRP can be sustained.

3.4 Slip and FRP force distributions

Beam s1 was analyzed under two support condi-
tions: a) with FRP plate trapped under support and
b) untrapped to investigate the effect that plate end
anchorage has on FRP strengthened masonry beams.
In the case of the trapped support, the shear stiffness
and maximum shear force that the tangential spring has
at the support are five times the stiffness of the tan-
gential springs in other regions to represent the trapped
mechanism. Figures 8–9 display force distribution in
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FRP plate and slip distribution along beam length at
different load levels which are given in loading order.
The Moment versus deflection curves at the point of
applied load are also plotted for Beam s1 and s3 in
Figure 10. Two horizontal lines on the upper and lower
sides of the x-axis in the slip distribution diagrams are
used to indicate the slip levels at which its shear stress
reaches the maximum and its shear resistance fully
degradates. Numerical results revealed that a uniform
distribution of vertically flexural cracks developed at
early stage of loading at most of mortar joints due to
the low strength of mortar joints. Thus the debonding
could develop at any mortar joint and propagate along
the interface towards both supports as shown in Fig-
ures 8 and 9 after load level approached 15.5 kN, which
is different from intermediate flexural debonding in
a flexural test of FRP strengthened RC beam where
the debonding usually develops at one or two major
flexural cracks and propagates to meet other flexural
and flexural-shear cracks. In both types of supports,
force distribution in FRP and slip distribution along
masonry-to-FRP interface are almost the same before
applied load reached 19.51 kN where full degradation
of the shear resistance at the first mortar next to applied
load has been reached.

Beyond 19.51 kN, in the case of the untrapped sup-
port, debonding propagated rapidly towards the end of
the short shear span as the shear force needed to be
transferred through the interface cannot be sustained
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Figure 10. Moment and deflection at the position of applied
load.

due the zero residual stress and steep softening branch
in the shear stress and slip curve.A drop in forces in the
FRP and an increase of slip can be seen from Figure 8.
It is worth mentioning that it is assumed in the numeri-
cal modelling that no shear failure of the mortar would
occur to allow a full development of debonding. If any
one of the mortar joint failure in shear, FRP rupture
and brick failure occurs before the full development
of debonding, the load capacity of the FRP strength-
ened beam would be smaller than that at the point of
debonding failure.

In the case of the trapped support as shown in fig-
ure 9, debonding propagates across the short shear
span first. The applied load decreases to a load level
of 15.23 kN at which the shear force transferred
through the masonry-to-FRP interface is sustained
by the trapped mechanism and the uniformly dis-
tributed forces in FRP over the short span indicated
the full degradation of the interface over short span.
The applied load continues to increase until the max-
imum shear force that the trapped support can carry
is reached. It is apparent that, apart from improving
the behaviour of masonry-to-FRP interface, the proper
design of end anchorage system is extremely impor-
tant in maintaining strength and increasing ductility
for FRP strengthened masonry walls subjected to out-
of-plane load. The support entrapment, however, had
less effect on beams response as beam span increased
as shown in Figure 10.

3.5 Debonding strain

It has been reported by (Kuzik et al., 2003) that strains
in FRP varied when FRP strengthened masonry beams
or walls fail before their ultimate capacity reaches and
it is critical to provide accurate debonding strain pre-
dictions upon which an analytical model can be based
to calculate the capacity of FRP strengthened beams.
Debonding strains for all numerically analyzed FRP
strengthened beams has been summarized inTable 3. It
can be seen fromTable 3 that debonding strains change
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Table 3. Debonding strain.

Ascending Debonding Descending Debonding Beam Debonding
stiffness strain 10−3 stiffness strain 10−3 no. strain 10−3

600 1.238 −200 1.949 s1 2.346
120 2.346 −55 2.346 s2 3.274

60 2.811 −32 2.396 s3 3.879
40 2.853 −22 2.521 s4 4.618

with the physical parameters of masonry-to-FRP inter-
face model, beam span and span-depth ratio. It may
not be rational that this strain is only a function of the
amount of FRP reinforcement as in Kuzik et al. (2003).

4 CONCLUSION

The following conclusions can be drawn from numer-
ical simulations and a parametric study:

• Comparison between numerical simulation and
experimental results shows that the proposed
numerical model provides reasonably accurate pre-
diction on the response of FRP plated masonry beam
when a failure is governed by debonding.

• Parametric study revealed that strength and defor-
mation capacities of FRP plated URM beams can be
enhanced through reducing ascending stiffness and
increasing descending stiffness in bi-linear inter-
face mode.

• Trapping at the plate ends appeared to have great
effect on the strength and ductility of FRP strength-
ened masonry beams with short spans, and to
become less effect as span increased. However,
these may be affected by other parameters, such
as distributed load over beam, and masonry and
masonry-to-FRP properties. Therefore, more para-
metric study needs to be undertaken before the
conclusion can be drawn.

• The debonding strain varied as change in stiffness
of bi-linear interface mode and in shear-span. It
is therefore critical to provide accurate debonding
strain predictions upon which an analytical model
can be based to predict capacity of FRP plated
URM beam.
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Diagonal tests on tuff masonry strengthened with CMF systems
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ABSTRACT: The paper deals with an innovative strengthening technique applied to tuff masonry panels. Tuff
is a volcanic stone that has been commonly used as building material in the Mediterranean area since Roman
age. Particularly over the past few decades, interest in preserving and strengthening heritage tuff masonry
structures has led to develop specific and non-invasive architectural and engineering strategies. Within this
contest an experimental research program has been initiated. In the present paper results of diagonal compression
tests are presented; comparative experimental analysis between as-built and strengthened panels is discussed.
Strengthening is based on use of a cement matrix–fabric (CMF) system externally applied to the masonry panels.
Review of experimental tests points out the effectiveness of adopted strengthening layout in terms of strength
and ductility of panels.

1 INTRODUCTION

Tuff masonry structures have been built since old times
in countries located in the Mediterranean areas and
constitute a significant part of the existing masonry
building inventory including historical architecture of
Central-South Italy.

Tuff represents a very attractive material from a
technological point of view due to its outstanding
workability, low cost, good mechanical and physical
(good thermal and acoustic insulation) properties. It
has been widely used in order to build solid and/or
faced structural walls having different textures and
shape of units.

It is a rock composed of volcanic particles, rang-
ing from ash size to small pebble size, compacted or
cemented in a consolidated state. Tuff stones show a
quite high porous frame and are available in differ-
ent types, sizes and colours. Usually, in the past they
were bonded in a running bond of pozzolanic mortar
(mix of ground lime and volcanic ash) with rather low
strength.

Physical and mechanical properties of tuff units
widely vary according to quarry locations. Moreover,
a remarkable reduction in strength is observed with
an increase in degree of saturation of stones, as con-
firmed in many experimental programs (Evangelista &
Pellegrino 1990).

In addition, the construction sequence and strength-
ening applications are often unknown, and significant
changes may occur in the core and constitution of

structural walls, especially when they belong to his-
torical constructions.

Yellow tuff stone represents the main volcanic prod-
uct widely spread in the Campania region, South Italy
and in particular around Naples.Therefore, a challeng-
ing structural problem is seismic protection of a large
number of tuff construction located in medium and
high seismicity environment.

From a seismic standpoint, the analysis of tuff struc-
tures is a complex task due to interaction between
plan arrangement of walls, percentage and location of
openings and type and features of floor diaphragms.

Furthermore, due to age of examined construc-
tions many former interventions can interact and lead
to complex structural layout or even drop seismic
resistance of the buildings.

Typically, existing buildings have been strengthened
with traditional techniques, i.e. diaphragms stiffening,
typing walls to floor diaphragms or adding steel ties.

In such cases the floor acts as a rigid diaphragm
which distributes the lateral loads to the walls depend-
ing on their in-plane stiffness. Combination of vertical
and horizontal loads produces complex stress dis-
tributions in the wall and can activate floor failure
mechanisms. This aspect is well confirmed by the
observation of earthquake damage on masonry struc-
tures, and it can be analysed by means of different
modelling approaches (Penna 2001, Lourenço 2002).

Structural masonry shear walls can exhibit dis-
tinct failure mechanisms, mainly depending on wall
geometry, mechanical properties of units and mortar,
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the interaction among them, and the type of loads
applied (Drysdale et al. 1994).

Therefore, main emphasis can be attributed to the
analysis of the response of shear masonry walls.
The selection of reliable strengthening techniques of
such structures may be then carried out upon the
prediction of the in-plane wall performance. Nowa-
days, retrofitting and strengthening tuff structures is
becoming a key issue in Italy.

Most of them mainly suffered the effects of seismic
loads or structural deterioration as results of weath-
ering. Problems caused by loss of integrity are well
known for tuff units consisting of very high porosity
matrix, and are likely to be significant in cases of his-
torical and monumental buildings that institutions aim
to preserve for future generations.

Within this context, Fiber Reinforced Polymers
(FRP) represent an interesting option for strengthen-
ing and rehabilitation of existing buildings, due to their
negligible influence on global mass, their outstanding
mechanical performance, easy handling and installa-
tion that improve on-site productivity, and durability
(Triantafillou & Fardis 1997,Triantafillou 1998, Neale
2000).

Many studies at various levels have shown that FRP
materials, used in form of both laminates and strips,
provide a significant increase of load carrying capacity
of flexural and shear walls made of concrete blocks or
clay units (Ehsani et al. 1999, Valluzzi et al. 2002,
Marshall et al. 1999, Grando et al. 2003, Patoary &
Tan 2004), while the knowledge about application of
FRP systems to tuff masonry is still lacking (Manfredi
et al. 2003, Manfredi et al. 2004).

Because of porosity and low resistance to abra-
sion, the surfaces should be pre-treated by proper
coating primers in order to consolidate the support
and improve the adhesion of strengthening FRP mate-
rials. Moreover, high compatibility and reversibility
of strengthening methods using FRP are requested.
The concept of reversibility is of particular rele-
vance for applications on historical structures that are
supervised by National offices for Historical Heritage
Preservation; such institutions allow only the use of
strengthening techniques that could be removed any-
time if any problem is detected or a better solution is
identified.

The present paper discusses the potential of an
innovative strengthening technique consisting of a
cementitious matrix – fabric (CMF) system (SRG 45®

system) externally applied to the masonry wall surface.
The fabric is an Alkaline Resistant (AR) Glass coated
fabric, SRG 45® (structural reinforcing grid) and the
matrix is a polymer modified glass fiber reinforced
mortar.

This composite material is highly compatible in
terms of chemical, physical and mechanical properties
with the substrate, e.g. tuff masonry.

Among the advantages of the CMF strengthening
system, the following can be mentioned: ease of instal-
lation, no need for any surface preparation or high
levels of workmanship, fire resistance, excellent bond
with the substrate, breathebility of the system, which
allows transport of air and moisture through the matrix,
and reversibility.

Besides, for strengthened walls exposed to high
temperature or environmental effects, the application
of a thick layer of cementitiuos mortar substantially
ensures a protection for the SRG grid and improves
the long-term behavior of the strengthening system.

These are some key advantages and unique prop-
erties which make it a potential alternative to the
traditional techniques for masonry structures. Full
scale tests using this system and unreinforced masonry
units (URM, artificial masonry) were conducted at the
US Army Core of Engineers-CERL (Marshall 2002).

1.1 Research objectives

The present work is a part of a larger research
program “TE.M.P.E.S.: Innovative Technologies and
Materials for the Seismic Protection of Historical
Masonry Structures” under development, realized
with the financial support of the Italian “Ministero
dell‘Istruzione, dell’Università e della Ricerca”. The
main purpose is to cover the gaps in knowledge of the
behaviour of tuff masonry structures strengthened with
FRP, via an integration of comprehensive experimen-
tal investigations on the behaviour of strengthened tuff
masonry walls and numerical models. In this paper,
some experimental results of diagonal compression
tests on yellow tuff panels are presented.

2 EXPERIMENTAL PROGRAM

The primary goal of the work is the evaluation of the
performances in terms of shear capacity provided by a
strengthening technique based on use of CMF system
(SRG 45® system) bonded to external surfaces of tuff
masonry walls.

Six tests on tuff panels are reported: four as-built
masonry panels tested as reference specimens and two
panels strengthened with CMF system. Summary of
results from all the tests is given in Table 1, where
each test is designated by the series (P), followed by
the test number.

The strengthened walls are identified adding the let-
ter (S). The shear failure mechanisms detected are also
indicated.

2.1 Test specimens and set up

All panels have been built with the same size and type
of masonry units and mortar.
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Table 1. Summary of results of the diagonal compression tests.

Ductility Failure
Specimen FRP Vmax τmax γel G factor mechanism (∗)
Type system [kN] [MPa] ν % [Mpa] µ S

P#1 USP 80.65 0.22 0.16 0.018 318 2.22 S
P#2 USP 128.54 0.35 0.10 0.022 535 – S-T
P#3 USP 76.92 0.21 0.36 0.014 515 2.54 S
P#4 USP 70.04 0.19 0.45 0.011 690 3.03 S
PS#1 Grid 196.36 0.54 0.40 0.029 620 4.51 SPL
PS#2 Grid 234.18 0.64 0.50 0.026 747 2.05 SPL

* S = sliding along mortar joint.
S-T = combined sliding along mortar joint and tensile rupture of units.
SPL = splitting.

Masonry units were supplied from the same local
quarry to avoid localized materials properties. They
have been stacked clear of the ground and covered
to protect them from contaminations. Because of the
highly water absorptive properties of tuff units, layer of
mortar at the interface may completely dry out, result-
ing in poor bond. For this reason the stones have been
pre-wetted before any panel construction according to
erection practice.

Test on the basic components were performed
according to Italian standards. Different types of setup
were adopted and data analyses are made in order
to obtain mean values from the tests. The compres-
sive strength of the natural stones was determined
as 2.00 MPa using 100-mm cube specimens. More-
over, uniaxial compression tests were performed on
tuff prisms 370 × 60 × 90 mm in order to evaluate
the elastic modulus that ranged between 1800 and
2000 MPa.

The mortar mix proportion was as follows:
310 kg/m3 of binder, 1245 kg/m3 of sand, 195 kg/m3

of water. The mortar mixture was set in order to obtain
an average strength close to the one typical of the
pozzolanic mortar used in existing tuff buildings.

Mortar prisms were moulded from sample of mortar
used to build the specimens; they were stored under the
same conditions as the relevant specimens and cured
for 28 days.

Standard 160 × 40 × 40 mm prisms and 50-mm
cubes were used for bending and compression test,
respectively. A mean value of the flexural strength of
1.57 MPa and an average compressive strength equal
to 5 MPa, resulted.

All panels, included PS#1 and PS#2 specimen
were allowed to cure for 28 days. The stones
(370 × 120 × 250 mm) were laid in a running bond
so that a final mortar joint thickness of 15 mm mor-
tar was attained. Each panel was eight courses high
and two and one half tuff blocks wide. The resulting
dimensions were 1030 × 1030 × 250 mm as shown in
Figure 1.

40 40 20
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11

11
11

11
11

11
11

1.
5

103
1.

5

25

10
3

Figure 1. Panel geometry.

Figure 2. AR-Glass fabric.

The CMF system is using a bi-directional AR-
glass coated fabric, SRG 45®, (Fig. 2) manufactured
by Saint-Gobain Technical Fabrics. The properties of
the fabric are the following: tensile strength 1700 MPa
or 45k N/m as per ASTM D 6637, Young’s Modulus
72 GPa and ultimate strain equal to 2.4%. SRG 45®

fabric is embedded in a cementitious matrix, which is
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a polymer modified glass fiber reinforced mortar pro-
duced by Quickrete Companies, which is compatible
with masonry applications. The mechanical properties
of the matrix after 28 days of curing are the follow-
ing: compressive strength 13.9 MPa; flexural strength
3.9 MPa and tensile strength 1.2 MPa.

Two plies of fabric were used and were applied
symmetrically over the whole surfaces of the masonry
(Fig. 3).The wall was accurately wetted and the mortar,
previously mixed with water and an acrylic fortifier,
was then trowelled onto the wall of 5 mm thick layer.
A first 900 mm squared fabric was firmly pressed into
the wet binder by hand to ensure its adequate anchor-
age to the support. Then, a second layer of mortar was
applied by trowelling an additional 5 mm thick layer;
an offset of 15 mm of the second ply with respect to
the first was ensured in order to avoid that any frac-
ture plane could originate from the overlap. Finally, the
second ply of fabric was applied and covered by a rel-
atively smooth surface (Fig. 3). The nominal thickness
of the CMF system was of about 10 mm.

The panels were tested in a four column testing
frame (Fig. 4a), characterized by a 1000 mm wide and
4000 mm long steel base floor, and capable of test-
ing specimens more than 4 m high. Its load capacity
is 3000 kN both in tension and in compression with a
total stroke equal to 150 mm.

The tests have been carried out under displacement
control, in order to follow the post-peak response of the
panels; the displacement rate was equal for all the tests
and equal to 0.02 mm/sec.Tests were stopped when the
reduction in strength with respect to the peak value was
of about 50%.

Two steel loading shoes placed on two diagonally
opposite corners of the panels were used; the test
layout basically fits the requirements of ASTM E 519-
81, even though some changes have been introduced
in order to properly account for the dimensions of
tuff blocks. To avoid a premature splitting failure of

Figure 3. CMF installation.

panel edges, the spaces between the specimen and
steel plates were filled with fast setting and shrink-
age free mortar. A particular care and specific devices
have been used in order to avoid misalignments and
assembly eccentricities.

The 90◦ rotation of the panels has been carried out
as shown in Figure 4b; horizontal and vertical ties have
been set in combination with diagonal bars to uplift the
specimen and avoid any damage. Multiple direction
prestressing has been used in order to ensure com-
pressive stresses (about 10–15% of the compressive
strength of the panel) all over the panel during the han-
dling phase; upper steel beams have been also used to
balance specimens during rotation.

Vertical load was transferred to the specimen via
a spherical hinge put between the actuator steel end
and the load cell used to measure the applied load.
The instrumentation layout ensured measure of loads,
changes in wall geometry and strains profiles in the
FRP reinforcement. An overview of the test setup and
instrumentation is shown in Figures 5a, b.

For all tested panels, five linear displacement vari-
able transducers (LVDT) were used: four, two on each
side, were placed along the diagonals in order to mon-
itor the shear deformation over a gauge length of
400 mm (LVDTs 3 and 4 in Fig. 5b); the other was

(b)(a)

Figure 4. Test layout (a) and lifting phase of the panel (b).

(a) (b)

Figure 5. Test setup and instrumentation (a) for as-built
panels and (b) for strengthened specimens.
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placed perpendicular to the panel surface in order to
monitor out-of plane displacements, if any.

In addition to those five, two more LVDTs were
placed on one side of both PS#1 and PS#2 specimens
in order to measure strains along grid fibers over a
gage length of 100 mm gauge length (LVDTs 5 and 6
in Figure 5a).

3 EXPERIMENTAL RESULTS

Preliminary results of the experimental work are here
reported. The analysis of displacements recorded on
the opposite surfaces of the specimens enabled to rec-
ognize that load–displacement distributions were very
similar. This confirmed that the amount of out of plane
displacements was negligible apart from a slight initial
settlement of the specimens.

Test results are first discussed in terms of mean
shear strength, τmax, computed on the net section
area An of the uncracked section of the panels
(An = 0.257 m2), according to ASTM standard test
method: τmax = 0.707 Vmax/An, where Vmax is the
peak experimental load. As-built panels P#1, P#3 and
P#4 showed a similar mean strength ranging between
0.19 MPa and 0.22 MPa (Table 1). Panel P#2, instead,
gave the highest mean strength equal to 0.35 MPa
(Table 1). This value was probably due to a particu-
lar failure mechanism that will be discussed later. The
average shear strength of 0.20 MPa, assumed as ref-
erence in the following, will refer only to P#1, P#3
and P#4 specimens and is associated to a CV of 6.1%.
If P#2 was included, a mean shear strength equal to
0.24 MPa and a CV of 26% would have been obtained.

Values of mean strength underline that the shear
capacity of the strengthened walls was substantially
increased by the CMF reinforcement (Table 1), with
a gain in strength of about 170% and 220% for PS#1
and PS#2 specimens, respectively.

Typical failure modes observed for all tested panels
are summarized in Table 1, where S denotes the shear
slip failure along the mortar joints, and S-T denotes
a failure resulting from combined slip of the mortar

P#1 - Peak load 80.65 kN P#2 - Peak load 128.54 kN P#3 - Peak load 76.92 kN P#4 - Peak load 70.04 kN

Figure 6. Crack pattern of the control panels at ultimate stage.

joints and splitting of stones. Finally, SPL indicates
the splitting of the stones and the mortar joints.

At the ultimate stage, the stress field in the as-built
panels tends to force the fracture cracks to follow the
line of least resistance rather than the line of action
of the splitting load. As indicated in Table 1, for pan-
els P#1, P#3 and P#4 the failure resulted typically in
shear slip between the units and the mortar along the
joints.Thus, the shear capacity is governed by the weak
bond between mortar and tuff stones. For panel P#2 the
failure plane had a marked stepped appearance due to
a combination of debonding along the mortar joints
and tensile failure of tuff units. This is the reason for
the higher shear strength above mentioned. In fact, the
failure plane ran through a greater surface compared
to the case of the sliding along the mortar joints that
caused the full separation of the panel in two pieces
(Fig. 6). It is underlined that no failure at the loaded
edges was observed for the as-built panels.

The presence of the CMF system changed the mode
of failure of panels from a shear slip along the mor-
tar joints to a more uniform crack pattern along the
splitting line. A sketch of the wall crack pattern at fail-
ure can be seen in Figure 7a. The elastic modulus of
glass fibers lead to a better redistribution of the lateral
load on the panel, and a more uniform stress level was
achieved.

Generally, the bond between the masonry and the
externally bonded strengthening system plays a crucial
role in order to ensure an adequate load carrying capac-
ity to the whole composite system. This is emphasized
especially when strengthening systems are applied
in situ on roughly squared tuff stone surfaces, using
hand lay up technique. When the development length
of the strengthening system cannot be assured, ade-
quate mechanical anchorage needs to be installed.
Even though no mechanical anchorage system of
SRG45® was provided, no premature debonding of
CMF reinforcement occurred, confirming the high
compatibility between the proposed CMF strengthen-
ing system and the tuff masonry substrate. Besides,
except some visible cracks, the panel kept its struc-
tural integrity throughout the entire test (Fig. 7b) and
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(a) (b)

Figure 7. Typical failure of strengthened panels.
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Figure 8. Shear strength vs. diagonal strains curves.

it would have been able to carry further load if no local
failure close to the loading shoes happened. For this
reason, the ultimate values determined with the tests
represent a lower bound of the shear capacity of tested
specimens.

The behavior of tested panels can be also analyzed
in terms of shear stress-average strain, and shear stress-
average shear strain curves. The shear stress, τ, can
be obtained as τ = 0.707V/An, where V is the current
experimental load. The average strains, εv and εh, have
been computed as the average displacement on the two
sides over the gauge length (400 mm) along the com-
pressive and tensile diagonals, respectively. The shear

strain, γ , can be then computed according to ASTM
E519-81 standard method as γ = εv + εh. Figures 8
and 9, depict curves of shear stress-average strain, and
shear stress-average shear strain of tested panels.

At low load levels, as-built panels show a very
similar behavior in terms of shear stress versus hor-
izontal strain relationship (Fig. 8). Up to 0.1 MPa a
relatively linear behaviour is noted. From this stage
P#1, P#3 and P#4 suddenly change in slope and expe-
rience greater stiffness degradation than P#2. They
reach the shear strength at about the same horizon-
tal strain (i.e., 0.059%); at 80% of the peak load on the
descending branch, they give an average shear strain
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Figure 9. Shear strength vs. shear deformation curves.

of about 0.21%, which is about 3.5 times higher than
the mean peak horizontal strain (Fig. 8).

Panel P#2, instead, shows a more or less linear load-
ing branch up to its maximum shear stress of 0.35 MPa,
corresponding to a horizontal strain of 0.029%.At 93%
of the peak load on the descending branch, the hori-
zontal strain is approximately 1.5 times higher than
the strain corresponding to the maximum shear stress
(Fig. 8). Brittle failure mechanism determined a data
acquisition problem that did not allow to record data
beyond such percentage (i.e. 93%) of the peak load on
the softening branch.

The strengthened specimens exhibit the same ini-
tial trend up to a shear stress level (i.e., 0.35 MPa)
higher with respect to that of those as-built and this is
due to the full composite action between the masonry
and the CMF system. Moreover, the analysis of the
shear-average strain curves (Fig. 8) highlights that
the influence of the CFM system along the tensile
diagonal direction determines a more stable soften-
ing response with regard to the relevant post peak
behaviour observed on the shear stress-vertical strain
plots (Fig. 8).

Similarly, in terms of shear stress-shear strain
curves (Fig. 9), a linear behavior is detected at very
low level of stress for both as-built and strengthened
panels. After a stress of about 0.1 MPa, a cracking
phenomenon of masonry starts to develop in the P#1,
P#3 and P#4 specimens (Fig. 9), followed by a non
linear trend. Only P#2 panel exhibits a very limited
deformation after reaching the maximum stress.

The presence of the grid determines that PS#1 panel
has an almost linear behavior up to about 75% of its
shear strength. After that, the shear stress increases
with a slight slope change; a sudden drop in strength

occurs at a stress of about 0.52 MPa (Fig. 9), due
to the local compression failure of the masonry near
the lower edge of the panel. After that drop, the
panel is able to sustain further load up to the peak
stress of 0.54 MPa (Table 1). The descending branch
starting from that point is characterized by inelastic
deformations until a shear strain of 0.64% reached at
80% of the peak.

PS#2 panel reveals an approximately linear elastic
phase up to 35% of its shear strength and a subsequent
stiffness degradation up to the maximum shear stress
of 0.64 MPa. On the softening branch, a less stable
behavior than PS#1 specimen is observed, due to the
cracks that started to develop near the bottom edge of
the panel close to 80% of the shear peak associated to
a shear strain is of 0.35%.

Moreover, a sudden loss in strength occurs when
the loaded edge is almost fully cracked (Fig. 9), even
though the panel still maintains the load-carrying
capacity up to large deformations.

In Figure 10, the apparent Poisson’s ratio with the
shear percentage τ/τmax is plotted. During the loading
process, the horizontal strain εh to vertical strain εv
ratio is affected by the cracking phenomenon as the
load increased. In particular, the crack propagation is
denoted by a sudden increment of ν. In Figure 10,
the as-built panels showed first cracks at a loading
level varying from 0.3τmax to 0.6τmax; for strengthened
panels this level reached 0.75τmax.

From this observation the evaluation of the elastic
parameters (i.e., elastic shear strain, γel, and Pois-
son’s ratio, ν) of each panel can be calculated based
on a shear stress corresponding to one third of the
relevant shear strength. In addition, the modulus of
rigidity, G, has been calculated as secant modulus
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between the origin and the stress equal to 30% of
the peak stress on the shear-strain curves in Figure 8.
Values of such elastic parameters are summarized in
Table 1. The modulus of rigidity of the as-built pan-
els approached a mean value of 513 MPa, whereas the
strengthened ones showed a mean value of 683 MPa.
The latter revealed a stiffer behaviour with respect to
the as-built specimens. This underscores that the ini-
tial stiffness of the strengthened panels was affected by
the grid reinforcement. The Poisson’s ratio results of
the as-built panels gave a significant CV of 53%; how-
ever, a mean value equal to 0.26 can be assumed. The
strengthened panels went from 0.40 to about 0.50 and
averaged 0.45.

The effectiveness of the proposed strengthening
technique can be assessed by computing the duc-
tility of tested panels. An exact evaluation of the
strain corresponding to the shear stress from which
the cracking phenomenon takes place is not sim-
ple to detect accurately, as can be seen in Figures 8
and 9.

Therefore, the deformation capacity is herein con-
ventionally analysed considering a ductility factor µ,
as the ratio γu/γmax, where γu is defined as the shear
strain when the shear stress drops to 80% of τmax; γmax
is the shear strain corresponding to τmax.

Comparing ductility rates of as-built panels, an
average value of 2.6 is obtained. Panel P#2 failed
at an ultimate shear stress equal to 93% of the
maximum stress, so any ductility ratio cannot be
provided. Conversely, the strengthened panel PS#1
increased its deformation capacity, as demonstrated
by the ductility factors of about 4.51 reported in
Table 1. No significant gain in ductility was reached
by PS#2.

4 CONCLUSIONS

The present paper has focused on the experimental
behaviour of tuff masonry panels commonly used in
many constructions in the Mediterranean area. The
experimental program is still in progress and the pre-
liminary conclusions here proposed will need to be
confirmed by the outcomes of further tests. An inter-
esting strengthening technique based on the use of a
CMF system to the panels with a cementitious mortars
has been analysed.

The overall shear performance of the tuff masonry
specimens externally reinforced by the CMF (SRG
45®) system was very satisfactory.Test results indicate
that strengthening of as-built structures with compos-
ite grids could be a very effective option to enhance the
shear strength and even the ductility of such elements.
Observed failure mechanisms of strengthened walls,
related to crushing of the loading edges, indicate that
diagonal tests can be useful to compare overall per-
formances of tuff masonry, but cannot give exhaustive
results. Such crushing of loading edges cannot be eas-
ily prevented since the strength enhancement due to
CMF leads to very high compressive stresses that are
not compatible with internal stone strength. Further
biaxial and shear-compression tests can improve the
knowledge and help extending the promising results
herein discussed.
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FRP jacketing of masonry columns

T. Krevaikas & T.C. Triantafillou
University of Patras, Patras, Greece

ABSTRACT: The application of fiber reinforced polymers (FRP) as a means of increasing the axial capacity
of masonry through confinement, a subjected not addressed before, is investigated in this study. Four series, a
total of 42 specimens, of uniaxial compression tests were conducted on model masonry columns, with variables
the number of layers, the radius at the corners, the cross section aspect ratio and the type of fibers. It is concluded
that, in general, FRP-confined masonry behaves very much like FRP-confined concrete. Confinement increases
both the load-carrying capacity and the deformability of masonry, almost linearly with the average confining
stress. The uniaxial compression test results enabled the development of a simple confinement model for strength
and ultimate strain of FRP-confined masonry. This model is consistent with test results obtained here, but should
attract further experimental verification in the future, to account for types of masonry materials other than those
used in this study.

1 INTRODUCTION

Masonry structures in need of intervention through
strengthening constitute a significant portion of the
building stock throughout the world, as either they have
suffered from the accumulated effects of inadequate
construction techniques and materials, seismic and
wind loads, foundation settlements and environmen-
tal deterioration, or they need to be upgraded in order
to meet more stringent seismic design requirements,
often combined with change in use.

In the past decade or so, traditional strengthen-
ing techniques for masonry (e.g. filling of cracks and
voids by grouting, stitching of large cracks and other
weak areas with metallic or brick elements or concrete
zones, application of reinforced grouted perforations,
external or internal post-tensioning with steel ties,
and single- or double-sided jacketing by shortcrete or
by cast in-situ concrete, in combination with steel
reinforcement) have been supplemented with the
FRP strengthening technique, which involves epoxy-
bonding of strips or sheets mainly in the direction of
principal tensile stresses.

Studies on the use of FRP as strengthening materi-
als of masonry have been numerous. A detailed review
of the literature reveals that the application of FRP as a
means of increasing the axial capacity of masonry, e.g.
through confinement, has not been explored, except in
Triantafillou & Fardis (1993, 1997), through the intro-
duction of external prestressing, and Valluzzi et al.
(2003), through the use of horizontally placed near-
surface mounted (in the bed joints) FRP strips. Despite
the great potential of FRP-based confinement, which

has received substantial attention in concrete struc-
tures, and despite the urgent need to develop effective
methods of masonry confinement as a means of pre-
venting catastrophic failures e.g. during earthquakes
or even due to creep effects, no studies have been
reported in this area, namely masonry confinement
through FRP wrapping. It is this gap that the authors
intend to fill in this study, through both experimental
and analytical developments.

2 EXPERIMENTAL PROGRAMME

2.1 Test specimens and material properties

A total of 42 model masonry column specimens in four
series were prepared using clay bricks with dimensions
55 mm (width), 40 mm (height) and 115 mm (length),
bonded together with a mortar containing cement and
lime as binder, at a water:cement:lime:sand ratio equal
to 0.9:1:3:7.5 by weight. The cross sectional area of
the specimens was 115 × 115 mm (aspect ratio 1:1)
in the first two series, 172.5 × 115 mm (aspect ratio
1.5:1) in the third and 230 × 115 mm (aspect ratio 2:1)
in the fourth. Each model column comprised bricks
placed in seven rows with six bed joints in between,
as shown in Figure 1. The thickness of mortar was,
in general, 10 mm, except in some of the head joints,
where it was slightly reduced, in order to maintain the
desired cross section aspect ratio. The corners of all
specimens were rounded using a grinding machine at
a radius of 10 mm in the first, third and fourth series,
and at a radius of 20 mm in the second series. Within
each series, specimens were wrapped with one, two or
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three layers of unidirectional CFRP sheets or with five
layers of unidirectional GFRP sheets, applied through
the use of a two-part epoxy adhesive.

Details about the model columns in each series are
given in Table 1. In this table, each specimen type is
given the notation FN_A_RX, where F = fiber type (C
for carbon and G for glass), N = number of layers (1,
2 or 3 for carbon, 5 for glass), A = aspect ratio of cross
section dimensions (1 or 1.5 or 2) and X = radius at
corners (10 mm or 20 mm). For instance, C2_1_R20
denotes specimens with square cross section (aspect
ratio 1), corners rounded at 20 mm and wrapping with
two layers of carbon fabrics; G5_1.5_R10 denotes

10 mm 20 mm 10 mm 10 mm

Figure 1. Configuration of masonry walls tested: (a) square
cross section, corner radius 10 mm; (b) square cross sec-
tion, corner radius 20 mm; (c) cross section with aspect ratio
1.5:1, corner radius 10 mm; cross section with aspect ratio
2:1, corner radius 10 mm.

Table 1. Specimen notation and summary of test results.

Compr. Ultimate
Specimen No. of strength, strain,
notation specimens fMc (MPa) fMc/fMo εMuc σ�u/fMo

Series 1
Co_1_R10 3 12.07 1.000 0.0018 0.000
C1_1_R10 3 13.63 1.129 0.0190 0.328
C2_1_R10 2 16.92 1.402 0.0223 0.656
C3_1_R10 3 25.42 2.106 0.0373 0.984
G5_1_R10 2 40.00 3.314 0.0644 1.484

Series 2
C1_1_R20 2 16.87 1.398 0.0255 0.429
C2_1_R20 2 23.91 1.981 0.0375 0.858
C3_1_R20 2 34.69 2.874 0.0529 1.287
G5_1_R20 2 44.87 3.717 0.0623 1.941

Series 3
Co_1.5_R10 3 6.65 1.000 0.0045 0.000
C2_1.5_R10 3 11.90 1.789 0.0093 0.833
C3_1.5_R10 3 17.29 2.600 0.0485 1.250
G5_1.5_R10 3 24.37 3.665 0.0690 1.885

Series 4
Co_2_R10 3 6.21 1.000 0.0044 0.000
C2_2_R10 3 11.79 1.899 0.0102 0.579
C3_2_R10 2 12.00 1.932 0.0340 0.869
G5_2_R10 2 17.81 2.868 0.0604 1.310

specimens with cross dimensions of aspect ratio 1.5,
corners rounded at 10 mm and wrapping with five lay-
ers of carbon fabrics. For specimens without wrapping
(control), FN is denoted as Co. The number of identi-
cal specimens tested was either two or three (column
[2] in Table 1).

The configurations described above allow the inves-
tigation of the role of various parameters on the
effectiveness of FRP jacketing as a means of confin-
ing masonry; these parameters include the aspect ratio
of the cross section, the radius of rounding at the cor-
ners, the type of fibers, the number of layers and the
stiffness/strength characteristics of the jacket.

Before wrapping the FRP sheets, masonry surface
defects were filled with epoxy putty. A layer of epoxy
resin was next applied on the surface of each specimen
and then wrapping of the sheets was applied with the
fibers in the hoop direction.After the wrapping of each
lap of a fiber sheet a layer of epoxy resin was applied
and a roller was used to remove air voids and to allow
a better impregnation of the resin. The finishing end of
the sheet overlapped the starting end by approximately
100 mm. Wrapping of the sheets took place after cur-
ing of the specimens (actually the mortar) for at least
one month in laboratory conditions and testing started
approximately one month after application of the FRP
jackets.

The strength of mortar was determined from com-
pression testing of three 50 × 50 × 50 mm cubes for
each mortar mix; 28-day average strength results
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were as follows: 2.85 MPa, 2.15 MPa, 1.93 MPa
and 1.98 MPa in series 1, 2, 3 and 4, respectively.
The bricks had an average compressive strength of
23.5 MPa, obtained through testing of six 55 mm long
orthogonal prisms (cut from bricks) of cross sec-
tion 40 × 40 mm. Finally, the following properties
(average values) were provided by the supplier of
the fiber sheets: elastic modulus and tensile strength
of CFRP jackets = 230 GPa and 3500 MPa, respec-
tively; elastic modulus and tensile strength of GFRP
jackets = 70 GPa and 2000 MPa, respectively.

2.2 Experimental setup and procedure

The main objective of testing was to record the axial
stress–strain curve and the failure mode of all the
masonry specimens, which were subjected to axial
loading applied monotonically under a displacement
control mode in a compression testing machine of
1200 kN capacity. Loads were measured using a load
cell and displacements were obtained using exter-
nal linear variable differential transducers (LVDT)
mounted on the walls, at a gauge length of 200 mm
in the middle part of each specimen.

3 RESULTS AND DISCUSSION

3.1 σ–ε behaviour, strength, deformability, failure
modes

The stress–strain diagrams for series 1, 2, 3 and 4 are
presented in Figures 2, 3, 4 and 5 respectively. It can
be observed that, in all cases, the diagrams are nearly
bilinear with a curved transition curve between the two
linear parts; no descending branch was recorded. The
first linear part of the diagrams is similar in most cases,
whereas the second linear part depends very much
on the cross section aspect ratio, the corner radius
and the jacket characteristics: it becomes steeper and
longer as the number of layers or the radius at the
corner increases. The average values of axial strength
(peak stress in the stress–strain diagram) and ultimate
strain in each series of identical specimens are given
in columns (3) and (5), respectively, of Table 1.

The control specimens failed in a brittle manner
by the formation of vertical cracks through the head
joints and the bricks (Figs 6a, b). Despite the fact that
material properties were quite similar, specimens with
square cross sections (series 1 and 2) were stronger
but failed at lower strain compared to those with cross
section aspect ratio of 1.5 or 2 (series 3 and 4).The fail-
ure modes of FRP-wrapped specimens were identical
in all cases.After their formation through mortar joints
and bricks, vertical cracks became increasingly wide
and the masonry in between those cracks crushed.This
was continued until the lateral expansion reached the
capacity of FRP, which failed by fracture at the corners
(Figs 6c, d).
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Figure 2. Typical stress–strain curves for specimens in
series 1.
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Figure 3. Typical stress–strain curves for specimens in
series 2.
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Figure 4. Typical stress–strain curves for specimens in
series 3.
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Figure 5. Typical stress–strain curves for specimens in
series 4.

Figure 6. Failure modes of unconfined and FRP-confined
masonry: (a) vertical cracking in specimens with square cross
section; (b) vertical cracking in specimens with cross section
aspect ratio 2:1; (c) fracture of CFRP at corner; (d) fracture
of GFRP at corner.

3.2 Discussion of results

By examining the stress–strain curves and the results
given inTable 1 in terms of strength and ultimate strain,
the following observations can be made:

General: FRP jackets can significantly enhance
both the strength and the deformability of masonry
under axial load. Confinement effectiveness for
strength, defined as the ratio of peak stress of FRP

confined masonry to that of the unconfined masonry,
exceeded 3 [column (4) in Table 1]. Enhancement in
deformability was much more pronounced than gain
in strength, as the ultimate strain of confined masonry
exceeded that of unconfined masonry by a factor more
than 30.

Number of layers: In most cases, particularly when
the cross section aspect ratio was 1, strength and
deformability increased almost linearly with the num-
ber of layers. In specimen series 1, strength increased
by about 13%, 40% and 110%, and ultimate strain by
a factor of 10, 12.5 and 20, for one, two and three lay-
ers of CFRP. The respective increases in series 2 were
40%, 100% and 185% for strength and by a factor of
14, 21 and 29 for ultimate strain. In series 3, strength
increased by 80% and 160%, and ultimate strain by a
factor of 2 and 10, for two and three layers of CFRP.
In series 4, strength increased by about 90% and 95%,
and ultimate strain by a factor of 2.5 and 7.5, for two
and three layers of CFRP, respectively.

Corner radius: When the corner radius was
increased from 10 mm to 20 mm (series 1 versus series
2), the strength increased by about 25–40% with CFRP
jackets and by about 12% with the very thick GFRP
jackets. Hence the beneficial effect of increasing the
corner radius was verified.

Aspect ratio: Due to the large difference in control
specimen strength and ultimate strain values between
series 1 and 3 or 4, a direct comparison of the results
for all three aspect ratios is not possible. However, this
comparison can be made between series 3 and 4, where
it is observed that for all cases but one (when 2 lay-
ers of CFRP were used) the reduction in confinement
effectiveness when the aspect ratio becomes 2 from
1.5 is about 20–25% for strength and about 10–20%
for strain.

Type of fibers: As far as axial stiffness in the hoop
direction is concerned, five layers of GFRP fall some-
where in between two and three layers of CFRP. Yet,
the effectiveness of GFRP jackets with five layers
was superior to that of CFRP, even if the compari-
son is made with the three layer CFRP jacket. This
proves that the higher deformability of glass fibers,
compared to carbon, makes them more effective as
jacketing materials if comparisons are made for the
same stiffness.

Overall, it may be argued that the response and
failure of axially loaded masonry confined with FRP
has many similar characteristics to that of concrete.
Hence, the development of a confinement model could
be based on existing knowledge and experience for
concrete. This is attempted in the next section.

4 CONFINEMENT MODEL

The basis of the FRP contribution to the strength and
deformability of confined masonry is, in analogy to
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Figure 7. Approximate confining stresses in rectangular
cross sections.

Figure 8. Effectively confined masonry in columns with
rectangular cross section.

confined concrete, the transverse passive pressure σ�

developing in the masonry in response to the jacket
forces. This pressure is, in general, non-uniform, espe-
cially near the corners of rectangular cross sections.
As an average value for σ� in a cross section with
dimensions b and h one may write (Fig. 7):

where Ef = elastic modulus of FRP; εf = circumferen-
tial FRP strain; tf = thickness of FRP; and ke = effec-
tiveness coefficient. For continuous FRP jackets with
fibres in the direction perpendicular to the member
axis, ke is defined as the ratio of effectively confined
area (Ae in Fig. 8) to the total cross sectional area Ag
(e.g. fib 2001).

Compressive failure of FRP-confined masonry
occurs when the FRP jacket fractures at a hoop stress
equal to the hoop tensile strength, ffe, which is, in
general, less than the uniaxial tensile strength of FRP
(due to the multiaxial state of stress, stress concentra-
tions etc.). Hence, the confining stress at failure, σ�u,
is given by Equation (1) with Ef εf replaced by ffe:

The model proposed here for FRP-confined
masonry is based on the well-known form of mod-
els typically adopted for FRP-confined concrete (see,
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Figure 9. Normalized compressive strength of confined
masonry in terms of lateral confinement.

for instance, De Lorenzis & Tepfers 2003, for a
comparative study of confinement models):

where fMc = compressive strength of confined
masonry; fMo = compressive strength of unconfined
masonry; εMuc = ultimate strain of confined masonry;
εMuo = ultimate strain of unconfined masonry; and
k1, k2 = empirical constants. Experimental evidence
both for concrete and for masonry confined with low
volumetric fractions of transverse (confining) rein-
forcement suggests that for very low values of the con-
fining stress the confined compressive strength does
not exceed the unconfined value. Hence, Equation (3)
can be re-written as follows:

with α < 1, to ensure continuity of fMc at the level of
confining stress beyond which fMc ≥ fMo.

The aforementioned confinement model for
masonry is defined fully by determining the empirical
constants k1, k2 and α from testing. Test data obtained
in this study for the ratio of confined to unconfined
strength, fMc/fMo, in terms of the normalized confining
stress, σ�u/fMo [see column (6) in Table 1] are plotted
in Figure 9. The best fit linear equation to these data
resulted in α = 0.6 and k1 = 1.65. Substituting these
values in Equation (6) and taking fMc/fMo = 1, the ratio
σ�u/fMo becomes equal to 0.24. Hence, the proposed
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Figure 10. Ultimate compressive strain of confined
masonry in terms of lateral confinement.

model for strength, shown by the solid lines in Figure 9,
is written as follows:

The experimental data for the ultimate axial strain of
confined masonry, εMuc, in terms of σ�u/fMo are plotted
in Figure 10.Again, the best fit linear equation to these
data was obtained as follows:

Hence, k2 in Equation (4) may be taken equal to 0.034,
so that the proposed model for ultimate strain is as
follows:

Note that the line plot of Equation (9) maintains the
slope of the best fit (solid line in Fig. 10) but is shifted
a bit downwards, so that the intersection with the ver-
tical axis becomes equal to the unconfined strain εMuo
(dashed line in Fig. 10).

5 CONCLUSIONS

Confinement of masonry with FRP has not been inves-
tigated in the past. This study presents an experimental
investigation on the behaviour of axially loaded short

masonry columns confined with FRP jackets, followed
by the development of an analytical model for the pre-
diction of confined strength and ultimate strain. Four
series, a total of 42 specimens, of uniaxial compression
tests were conducted on specimens with variables the
number of layers, the radius at the corners, the cross
section aspect ratio and the type of fibers. The results
are summarized as follows:

(1) In general, FRP-confined masonry behaves very
much like FRP-confined concrete. The confine-
ment provided by FRP improves considerably both
the load-carrying capacity and the deformability
of masonry columns of rectangular cross section.

(2) For the specimens tested in this study the
gain in performance (strength and deformability)
increases almost linearly with the average confin-
ing stress. Increasing the corner radius or decreas-
ing the cross section aspect ratio is beneficial
to the strength and strain capacity of rectangular
masonry columns. Being more deformable, glass
fibers are more effective than carbon fibers if the
gain in strength and deformability is compared for
the same FRP hoop stiffness.

(3) Test results enabled the development of a sim-
ple confinement model for strength and ultimate
strain of FRP-confined masonry. This model is
consistent with test results obtained here, but
should attract further experimental verification
in the future, to account for types of masonry
materials other than those used in this study.
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Strengthening of timber structures in-situ with an application of
fiber-reinforced polymers

K.U. Schober & K. Rautenstrauch
Bauhaus-University of Weimar, Department of Timber and Masonry Engineering, Weimar, Germany

ABSTRACT: Upgrading structures for higher working loads or restoring original design strength is an engi-
neering task for structures of any material. This paper presents a study of reinforcement techniques for restoration
and strengthening of existing timber floors and bridge girders under bending loads, based on the use of structural
adhesives on the building site, whereby the removal of the overhanging part of the structure as well as the inserted
ceiling is not necessary. Commercial adhesives, as well as products modified for this particular application, were
tested. The tests showed the arrangement of the reinforcement and the stiffness of the materials transmitting the
loads, i.e. wood, carbon fiber reinforcement and the bonding agent, were of decisive influence for the overall
strength of the specimen. Not all influence parameters could be checked in the executed experiments. Therefore,
a numerical investigation based on a finite-element model with nonlinear timber properties was applied.

1 INTRODUCTION

Rehabilitation of buildings has an increasing economi-
cal and social importance particularly in countries with
great abundance of traditional buildings that require
specific attention when consolidation is needed. A
great number of these buildings need specific inter-
ventions to restore the damages for renovation. Parti-
cularly old timber structures in residential houses have
a couple of damages. They are designed for lower live
loads as specified in performance and design stan-
dards and need new technologies to increase the load-
carrying capacity of the members for state-of-the-art
housing conditions, including reinforcement or repair
due to previous overloading, insect and fungal attack.

Besides, many historical timber structures require
urgent and proper maintenance and repair works and
often, the structures have been directly substituted or,
if maintained, recovered only for aesthetic purposes
without respecting their original structural role and
conception. Frequently neither decision makers nor
building contractors have the necessary knowledge
on suitable reinforcement techniques and damaging
interventions are often made. Therefore, a study of
reinforcement techniques for restoration and strength-
ening of existing timber floors under bending loads
has been carried out. The experimental and numerical
study based on the use of structural adhesives on the
building site, whereby the removal of the overhanging
part of the structure as well as the inserted ceiling is
not necessary.

The first results and insights have been used suc-
cessfully for renovation and reconstruction of historic

Figures 1–2. Damaged spire of the Merseburg cathedral (D)
due to high wind loads and weathering. Cantilever joint after
strengthening with CFRPs.

roof and floor constructions shown in the next figures
(Rautenstrauch 2004).

2 BACKGROUND

Rehabilitation based on the formation of a composite
system has found frequent applications in the case of
timber floor beams with a concrete slab, but may have
different forms depending on the concerned structural
element. Reinforcement techniques for structural tim-
ber elements, based on the use of structural adhesives
on site, have been applied for some decades as an
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Figure 3. CFRP and polymer concrete strengthening of a
historic ceiling joist in waffle slab, Mansfeld castle (D).

extension of procedures that became very common
for the repair or the upgrading of other structures.
Adhesives can be used either on their own or in con-
junction with steel plates, rods, or fiber-reinforced
materials. Such techniques are very promising as
they minimize disturbance of the building and to its
occupants during the intervention. Repair techniques
involving the use of adhesives are versatile and effec-
tive, less time and cost consuming than alternative
traditional methods and materials. However, some
problems have prevented the wider use of structural
adhesives, particularly in historical timber structures,
where sufficient reliability cannot yet be guaranteed.
One reason is that a life-long service life has not yet
been fully proven for synthetic adhesives, since the
oldest bonded joints are around sixty years and greater
ages cannot be simulated by existing accelerated age-
ing tests. Besides, although the failure of a structural
bonded joint may be responsible for the collapse of the
whole structure, short and long-term performance of
glued bonds highly depends on the bonding process
and conditions as shown in the tests performed, which
are especially difficult to control on the building site.

Although epoxy based adhesives have been used in
most cases for on-site repair jobs, most formulations
were developed for other materials. These adhesives
are generally too rigid for bonding timber and there is
no chemical bonding or suitable mechanical anchor-
age in wood. The bond line is prone to fail because
of dimensional changes in the wood induced by mois-
ture content variations, even under Service Class 2
applications (moisture content of timber up to 18%).
However, this group of adhesives has the potential to be
the most suitable one for on-site bonding. Therefore,
it is necessary to improve the existing adhesives or to
develop alternative adhesive formulations, suitable for
indoor (and even outdoor) jobs on site where the use
of pressure is generally not available and clean regular
bond lines are difficult to achieve. Moreover, the exist-
ing test methods to evaluate bond line performance

were developed for other types of industrially used
adhesives, especially phenol or amino plastic based
products, and have repeatedly proved to be inadequate
to assess the behavior of epoxy type adhesives or epoxy
bonded products.The application of existing European
or national test and performance standards to epoxy
bonded products are much too penalizing, since they
merely impose severe stresses which do not describe
the glue performance on site as far as it has been
reported. Extensive pre-normative research and thor-
ough consideration of these problems are still required.
Moreover, on-site application of adhesives is some-
what difficult and the consequent quality of adhesive
bond is not easy to evaluate. Since properties of rein-
forced elements very much depend on the care put in
the work, such difficulties have to be overcome. Pro-
cedures for applying and controlling are needed and
must be established.

These techniques generally resort to the use of other
materials, which are made to collaborate with the orig-
inal timber according to various modalities. These are
amenable to two basic approaches discussed here: the
use of reinforcement materials embedded in the wood,
and the use of external reinforcement resulting in a
system of composite type.

3 BENDING TESTS

3.1 Aim and scope

Six series of un-reinforced and carbon FRP-reinforced
old solid wooden beams with different location and
direction of the reinforcement were tested to study the
specific influence on the load-carrying and fracture
behavior. The main task of the test series performed
was gathering and generating qualitative and quanti-
tative knowledge on structural adhesives suitable for
on site repair of timber structures. This will enable
the effective and safe application of reinforcement
techniques based on the use of structural adhesives,
especially in high demanding situations where the
present lack of knowledge and reliability of these
products restrain their application. Commercial adhe-
sives were tested. The tests showed the arrangement
of the reinforcement and the stiffness of the materi-
als transmitting the loads, i.e. wood, CFRP and the
bonding agent, were of decisive influence for the over-
all strength of the specimen, also influenced by the
wood structure and the nature of the wood surface.
Questions exist concerning the proportion of the qual-
ity, influenced by the properties of the wood surface,
and how adhesion and the forming of the interface
between adhesive and the wood surface really work.
We have studied three practical solutions of bonding
on the building site in order to investigate the different
performance of the composite structure and to attain
the highest possible quality of the bond line.
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Figures 4–5. Typical cross-section of tested beams.

Table 1. Cross-sectional data of used timber.

Height Width Iy,mean Iy Iy/Iy,mean

Specimen [cm] [cm] [cm4] [cm4] [%]

S02/1-uv 16.62 15.39 5049 3916 77.57
S02/2-uv 18.76 15.30 5599 4411 78.77
S03/1-uv 19.33 14.59 5003 4158 83.10
S03/2-uv 21.28 15.76 6942 5517 79.48
S04/1-uv 17.67 15.14 5110 4187 81.83
S04/2-uv 21.09 15.00 5932 4545 76.62
S05/1-uv 18.07 16.00 6168 5280 85.60
S05/2-uv 20.11 16.11 7007 5444 77.69
S07/1-uv 15.42 20.30 10,750 9788 91.05
S08/1-uv 14.64 18.28 7452 6573 88.20
S09/1-uv 15.74 17.74 7323 6758 92.28
S11/1-uv 15.56 19.33 9365 7410 79.12

Mean value 17.86 16.58 6808 5666 82.61

3.2 Specimen

For practice related investigations, a carefully election
of the test specimen was required. In this case a couple
of preloaded spruce rafters and ceiling joists with an
age of more than 100 years where removed from an old
residential house in Bavaria/Germany.The influencing
factors like pre-ageing/weathering, moisture content
when bonding, wood species, density, cross-section,
existing cracks, knots and damages were analyzed. For
determination of the strengthening effect after bond-
ing and the Young’s modulus of the specimen the real
cross-sectional data including cracks and damages A,
Iy and the averaged properties Amean, Iy,mean where
taken into account. Due to the usual existing cracks
in historic timber beams a reduction of the moment of
inertia and the bending stiffness of about 17% can be
observed (Table 1).

The old solid wood beams were reinforced with a
continuous carbon fiber lamella S&P 150/2000 with
intermediate modulus fibers from S&P Reinforcement
Ltd. and 3.15 m length within the clear span for rein-
forcement type Vh, otherwise over the full length of
3.50 m.

The CFRP layer with a cross-section of 1.4 × 50 mm
was glued/embedded by means of the commercially

Table 2. Mean material properties of used CFRP-lamellas.

Lamella
Epoxy Carbon S&P

Property Unit matrix fiber 150/2000

Tensile strength MPa 75 4800 2200–2500
Tensile MOE GPa 2.8 2400 164
Ultimate % 3.5 2.00 1.4
elongation
Density g/cm3 – 1.73 –

Table 3. Mean material properties of used epoxy resin.

Property Unit StoPox SK 41 StoJet IHS

Tensile strength MPa ≥30 –
Tensile MOE GPa 11 –
Density g/cm3 1.75 1.07

available epoxy resin StoPox SK 41 from StoCretec
Ltd, which has a technical approval for gluing together
with the carbon fiber lamellas. As a result of the tests
and the fracture modes observed, the resin will be mod-
ified for this special application on timber members.
The epoxy resin consisted of two parts of component
A and B mixed in a ratio of 4:1 by volume, as required
in the technical description. The mean mechanical
properties are shown in Tables 2–3.

Three different reinforcement schemes were evalu-
ated in the testing program (Table 4):

– Reinforcement of series 1 = series 4
Type Vh: 1 × 1.4 × 50 mm bonded centrally to the
tension zone, horizontal on bottom

– Reinforcement of series 2 = series 5
Type Vs: 2 × 1.4 × 25 mm bonded laterally to the
tension zone 3 cm from bottom in slot

– Reinforcement of series 3 = series 6
Type Vh: 1× 1.4 × 50 mm bonded centrally to the
tension zone, vertical on bottom

The gluing of the lamellas was done under practice-
related conditions. For reinforcement type Vh, the
wood surface must be even, unweathered and clean
by planning the surface until sound wood is reached
to ensure a continuous bound. The CFRP lamellas
were cleaned by using acetone.The timber surface was
primed using StoJet IHS to avoid desiccation of the
resin and to ensure a full compound between resin and
wood surface.

3.3 Testing

For investigating the strengthening effect of the car-
bon fiber reinforcement in different, practice-related
positions three series of un-reinforced and reinforced
old solid wood beams were tested. Test series 1–3 were
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accomplished to determine the bending stiffness and
MOE of the un-reinforced specimen within the elas-
tic range. After unloading the same specimen were
reinforced described above already and the tests were
executed on each beam again within the elastic range
for MOE and bending stiffness examination of the
reinforced specimen.The applied loads were increased
till specimen failure to evaluate the fracture behav-
ior and ultimate load. There were four beams in each
series with a length of the specimen of 3.50 m, span
3.25 m and with cross-sections shown in Table 1. All
beams were surveyed for geometric dimensions and
wood damages. The humidity ratio was measured on
different locations. The average value of the humidity
ratio was 13.49% with a COV of 6%.

The tests were executed as a four-point bending test
according to EN 408. The load span was equal to 6 hm.
The beams were loaded with a 200 kN actuator and a
spreader beam. The spreader beam, centered about the
mid-span, created a zone with constant moment and
zero shear. The vertical displacements of the beams
were measured using six inductive transducers in the
span and 2 IT on the supports, additionally using a
photogrammetric approach by analyzing the deflec-
tion field in the midspan of the specimen Fig. 6,
Rautenstrauch et al. 2003, 2004). For measuring the
horizontal deflection in the midspan area 10 IT were
used. For test series 4–6 the longitudinal deflection
between the specimen and the CFRP lamella were
measured using inductive transducers at the face of
the specimen. In test series 4 (reinforcement type Vh)
additional 25 strain sensors were applied on the bottom
of the specimen to obtain the elongation of the lamella
itself.The results have been used to calculate the bond-
ing stresses in the resin and for an examination of the
load-slip rule of the groove.

Two tests were executed on each beam within the
elastic range to determine the bending stiffness and
MOE of the un-reinforced and reinforced specimen
and a third test to evaluate the fracture behavior and

Table 4. Test series.

Specimen Series Reinforced Series Reinforcement ρ∗ [%]

S03/1 1 None 4 Vh 0.274
S04/1 0.293
S05/1 0.276
S07/1 0.254

S02/2 2 None 5 Vs 0.272
S03/2 0.232
S05/2 0.243
S08/1 0.280
S02/1 3 None 6 Vv 0.309
S04/2 0.245
S09/1 0.266
S11/1 0.267

∗ Reinforcement ratio ρ = ACFK/Aef .

Figure 6. Photogrammetric measurement of deflections.

Figure 7. Load arrangement.
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Figure 8. Exemplified load-time curve for MOE and bend-
ing stiffness examination within the elastic range. Here
specimen S 09/1 with and without reinforcement.
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ultimate load. The Young’s modulus of the specimen
was measured by recording the load deflection behav-
ior of all beams between two load levels according to
EN 408 with a maximum load value of 12 kN. Loads
for the measurement of the flexural capacity of the
wood beams were applied monotonically to failure.
The test for the evaluation of the bending stiffness
achieves failure in 10 to 15 minutes. The results for the
un-reinforced beams are reported solely for quantita-
tively evaluating the effectiveness of the interventions
through a comparison with the results for strengthened
beams.

4 RESULTS AND DISCUSSION

Several experimental tests (Triantafillou 1997, Borri
et al. 2003) showed that the most frequent fracture
mechanism is caused by the failure of the traction zone
without the complete plasticization of the compression
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Load [kN]

S 09/1-Vv (reinforced)
S 09/1-uv (unreinforced)

Figure 9. Exemplified load-deflection curve within the
elastic range. Here specimen S 09/1 with and without
reinforcement.

Table 5. Different fracture modes of specimen observed during the tests till the maximum load is reached.

Tension
Ultimate Shear Crushing failure in Fracture Failure
load failure in failure in bottom in middle Deflection Embedding out of Lamella

Series Specimen Fu[kN] timber timber chord part failure failure knots torn off

4 S03/1-Vh 50.46 � � � �
S04/1-Vh 44.46 � � � �
S05/1-Vh 38.06 � � � � � �
S07/1-Vh 66.23 � � � �

5 S02/2-Vs 58.93 � � � �
S03/2-Vs 57.03 � �
S05/2-Vs 47.03 � �
S08/1-Vs 35.03 � �

6 S02/1-Vv 38.96 � � �
S04/2-Vv 41.76 � �
S09/1-Vv 73.86 � �
S11/1-Vv 86.13 � �

region, depending on the quality of the wood. However,
under particular conditions it is possible to note the
other failure mechanism, which is theoretically prefer-
able for several reasons. First, the section shows a more
ductile behavior, while the stresses in the FRP material
with reinforcement are highly increased and therefore,
the composite material is more involved. Initially the
load defection is shown to be linear elastic up to local
failures induced by the presence of defects e.g. knots
and cracks.Wood yield produced a non-linear response
terminated by a sudden drop of the load as a result
of CFRP rupture. CFRP rupture was immediately fol-
lowed by wood fracture in the tension zone, resulting in
the collapse of the beams. The load-deflection behav-
ior of the different reinforcement schemes is shown in
Figures 10–12. Failure occurred at a load level between
35 kN and 87 kN (mean 53.16 kN) due to the different
fracture behavior and sections. The tests have shown
that the most frequent failure mechanism is the one in
which traction failure and shear failure occurs with or
without partial plasticization of the compressed zone.

Generally, for all tests on reinforced specimens a
linear phase could be observed until reaching the max-
imum Service Load Fs with low creak and first small
cracks in the specimen. Depending on the wood qual-
ity and reinforcement scheme a linear or non-linear
phase until the Ultimate Load Fu where the first good
visible cracks occurred and a further increasing of the
deflection until reaching the Maximum Load Fm with
brittle failure of the specimen follows the linear phase.
The different load levels are shown in Table 6. It could
be ascertained that on all tests in series 4 and 6 the
Ultimate Load is reached within the linear range and
on all tests of series 5 the specimen could not support
further load increments after the first break.

The determination of the flexural strength of the
composite structure has been done in the elastic range.

701



Table 6. Different load levels observed at the tests.

Specimen FDIN [kN] Fs [kN] Fu [kN] Fm [kN]

S03/1-Vh 11.89 22.00 50.46 53.46
S04/1-Vh 11.61 18.00 44.46 44.46
S05/1-Vh 12.57 21.00 38.06 38.06
S07/1-Vh 17.25 39.00 66.23 66.23

S02/2-Vs 12.64 22.00 58.93 58.93
S03/2-Vs 15.43 25.00 57.03 57.03
S05/2-Vs 15.44 21.00 47.03 47.03
S08/1-Vs 15.52 18.00 35.03 35.03

S02/1-Vv 11.52 22.00 38.96 41.06
S04/2-Vv 13.70 27.00 41.76 46.16
S09/1-Vv 15.53 32.00 73.86 73.86
S11/1-Vv 18.99 49.00 86.13 86.13
Mean 14.58 26.33 53.16 53.95

COV 16.06 35.49 29.71 28.45

∗FDIN = max. DL according to German code DIN 1052
(4.88).

0

20

40

60

80

0 10 20 30 40 50 60 70 80 90 100
Displacement  [mm]

Load [kN]

S 03/1 - Vh
S 04/1 - Vh
S 05/1 - Vh
S 07/1 - Vh

Figure 10. Load-deflection curves for series 4–reinf.
type Vh.

Ehlbeck & Colling (1987) gave the increase of the
bending stiffness as:

where ef EI = effective bending stiffness of the com-
posite structure is. The increasing of EI by applying
CFRP reinforcement can been done also by defin-
ing a fictitious modulus of elasticity, calculated from
the cross-section data of the un-reinforced specimen
according to EN 408:

where F2 − F1 = load increase in elastic range,
w2 − w1 = equivalent deflection values. The increase
of the bending stiffness is shown in Table 7. The rein-
forcing scheme increased the capacity (Efict) by mean
5.86% in comparison to the values measured for the
un-reinforced wood beams. The measured data corre-
late with the experimental results published by Blaß
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Figure 11. Load-deflection curves for series 5–reinf.
type Vs.
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Figure 12. Load-deflection curves for series 6–reinf.
type Vv.

Figure 13. Notation and stress-strain relationship for a
cross-section with plastic compression area.

& Romani (2000, 2001) for horizontal reinforcement.
Here, the bending stiffness is calculated in the linear-
elastic range and plastic deformations are not consid-
ered, since the stiffness is used for serviceability limit
states. The factor kEI indicates the stiffness increase
for horizontal reinforced beams with an reinforcement
over the full with.

The wood beams reinforced with CFRP lamel-
las revealed more ductile behavior with respect
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Figures 14–15. Section ripping due to horizontal cracks.

Table 7. Comparison of un-reinforced and reinforced
specimen.

Specimen Fu[kN] E [MPa] Efict [MPa] Efict /E[%]

S03/1-Vh 50.46 12,622 14,390 113.99
S04/1-Vh 44.46 14,900 15,546 104.34
S05/1-Vh 38.06 13,229 14,875 112.45
S07/1-Vh 66.23 10,744 12,163 113.20

S02/2-Vs 58.93 17,675 17,891 101.22
S03/2-Vs 57.03 13,954 14,762 105.79
S05/2-Vs 47.03 16,373 16,982 103.72
S08/1-Vs 35.03 11,156 11,642 104.36

S02/1-Vv 38.96 15,837 16,742 105.71
S04/2-Vv 41.76 18,747 17,823 095.07
S09/1-Vv 73.86 10,837 11,427 105.45
S11/1-Vv 86.13 17,770 18,604 104.96

Mean 105.86
COV 5,03

∗Efict/E = ef EIreinf /EI.

to un-reinforced beams. The presence of CFRP
reinforcement arrest crack opening, confines local
rupture and bridges local defects in the timber. There-
fore, the specimen can support higher loads before
failure. Moreover, as can be observed from the load-
deflection curves of the reinforced and un-reinforced
specimen and the calculation of the fictitious MOE
Efict , there is an increase of the load-carrying capacity
as a consequence of the quoted crack opening arrest.
Especially in reinforcement type Vs and Vh, with in
wood embedded lamellas, an improvement of the load-
carrying behavior can be observed. The failure of the
structure in this cases occurred by shear due to ripping
of the section in longitudinal direction between cracks.
To avoid this an additional shear strengthening with
connectors usable under practice-related conditions
should be applied in further test series.

In the midspan the horizontal deflection on the tim-
ber faces was measured with inductive transducers and
close range photogrammetry. The results have been
used to compare the measurement data with stress-
strain laws given by Plevris & Triantafillou. A linear
strain distribution over the specimen height could
be observed in the elastic range for all test series.

Strain distribution over height
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Figure 16. Typical strain distribution for reinforcement
type Vh.
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Figure 17. Typical strain distribution for reinforcement
type Vv.

Where plastic behavior in the compression zone was
reached a non-linear strain distribution nearby the state
of failure could be observed. At the time, numerical
investigations of this phenomena are carried out.

5 CONCLUSIONS

New requirements in the restoration and strengthening
of timber structures force the use of new materials.
The use of CFRP as a strengthening technique can
be applied without necessitating the removal of the
overhanging part of the structure. It is very promis-
ing in many cases of reinforcement of old, historical
structural wood parts. Upgrading traditional timber
structures of old solid wood with carbon fiber rein-
forcement on different locations are described and
discussed here on the basis of experimental investi-
gations. For practice related investigations effective
cross-sectional data including existing cracks, knots
and damages were used with a reduction of the ini-
tial bending stiffness/moment of inertia of about 17%
compared to the cross-sections without defects. The
results of the experiments have highlighted the lim-
itations of the composite structure as well as the
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advantages of the various reinforcement positions and
present numerous interesting aspects.

However, not all influence parameters could be
checked in the executed experiments. The various the-
ories of bonding developed so far are not able to
explain comprehensively the observed effects. Chem-
ical bonding always has been seen as the optimal
form of combining two surfaces with each other, but
its contribution to the overall bonding mechanism is
still unclear. The properties of the glue line can be
described among other methods by the analysis of the
microstructure of the bond line.This includes the adhe-
sive penetration into the wood surface, the effect of
ageing of a glue bond as well as the description of the
cohesive strength of the glue line in terms of an opti-
mization of the brittle and elastic ratio of the glue line.

The wood beams reinforced with CFRP lamellas
revealed more ductile behavior with compared to un-
reinforced beams. The presence of CFRP reinforce-
ment arrests crack opening, confines local rupture and
bridges local defects in the timber especially for rein-
forcement types other than on the bottom face. The
failure of the structure in this cases occurred by shear
due to separating of the section in longitudinal direc-
tion between cracks. To avoid this, an additional shear
strengthening with connectors usable under practice-
related conditions should be applied in future test
series. These investigations are currently going on
and will be supplemented by using further practical
boundary conditions.
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ABSTRACT: This paper provides a selected review of the extensive research that has been carried out on
the reinforcement of timber beams over the last three decades. The work indicates that reinforcement is an
effective means of improving the performance of solid and laminated beams. Recent research has highlighted
the advantages of fibre reinforced polymers as reinforcement in strip or rod form. A primary objective of much
of the work was to promote the use of low quality timber. For such material tension reinforcement bonded to
the soffit of a beam is an effective way to suppress brittle collapse and, instead, induce a ductile type of failure.
In addition to the review, this paper describes some aspects of a theoretical and experimental programme at
Queen’s University Belfast, concentrating on the use of locally-grown Sitka spruce. It has been established that
the strength of reinforced beams depends primarily on the behaviour of the timber in compression, resulting in
more consistent performance and a considerable increase in flexural stiffness.

1 BACKGROUND

1.1 Timber as a native resource

The sustainability of timber is a positive factor in
promoting its structural use. Sitka spruce (Picea
sitchensis) is the most abundant species grown in the
United Kingdom and Ireland.

Sitka spruce is characterised by lower strength
grades compared with imported timber of similar
species. This is largely due to its fast growth rate and
relatively low density. The need to use larger section
sizes to achieve the same structural performance often
eliminates the cost advantage over imported timber.

1.2 Timber composites

Structural timber composites (STCs) are vital to the
competitiveness and growth of the timber industry
worldwide. Those manufactured from the increasing
supply of locally grown timber are a particularly attrac-
tive proposition and their utilisation is important for
economic, political and environmental reasons. Com-
posites take many forms, reconstituted from particles,
fibres, flakes, strands, veneers and laminates.The most
common form is glue-laminated timber (glulam).

Laminated beams have higher strength, increased
stiffness and lower performance variation than the
donor timber from which they were made. The dif-
ference is most marked for the lower strength grades
of timber.

Although laminating overcomes many of the prob-
lems associated with timber and homegrown Sitka

Figure 1. Brittle tension failure of solid timber beam.

spruce in particular, there is a tendency for beams to
fail prematurely due to defects in the lowest tension
laminate. The authors (Patrick 2004) have observed
this brittle type of failure many times when test-
ing solid and laminated beams made with Irish Sitka
spruce (Fig. 1).

2 REINFORCEMENT TECHNIQUES

2.1 General

The addition of reinforcement can increase the strength
and stiffness of beams and is a means of both avoiding
the brittle tension failure and producing a more consis-
tent failure mode.The disposition of the reinforcement
in the cross section depends on the quality of timber
in the beam.

A beam of clear timber beam will fail in compres-
sion, as the strength of such timber is higher in tension
than in compression. In contrast, lower grade tim-
ber, like home-grown Sitka spruce, will fail in tension
because defects such as knots reduce the strength of
the timber in tension more than in compression. Since

705



clear timber is only available in limited quantities,
there have been relatively few studies of singly rein-
forced beams with the reinforcement located above the
neutral axis in order to suppress compression failure
in the timber (2.4.).

2.2 Use of steel reinforcement

Various researchers have examined the reinforce-
ment of glulam beams using both steel bars and
plates placed in machined grooves prior to laminating.
Lantos (1964) placed reinforcing bars in the ten-
sion timber or, as double reinforcement, in tension
and compression areas. Increases for ultimate load
of up to 40% were observed. Steel plates were used
to reinforce horizontally laminated beams by Borgin,
Ledoff and Saunders (1968). These were located in the
compression zone only, or in both compression and
tension zones. Increases in strength and stiffness were
recorded along with an alteration to the mode of fail-
ure. Using defect-free timber and the same total area of
reinforcement, the doubly reinforced beams displayed
higher strengths and stiffness than beams with ten-
sion only reinforcement. Gilfillan (1978) worked on
preflexing timber/plywood box beams with laminated
flanges. A 22 m span beam with reinforcement equally
divided between tension and compression flanges dis-
played increases of 120% and 36% in strength and
stiffness respectively.

Bulleit (1989) used steel reinforcing bars embedded
in flakeboard, to replace a laminate in the tension zone
of glulam timber beams. These displayed increases of
up to 32% in stiffness and 30% in strength but suffered
from bond failure at high moisture contents.

Buchanan (1990) developed a doubly reinforced
system with deformed steel reinforcing bars placed
between the outer laminations of the beam and also
for reinforcement of connections in glulam frame
buildings (Buchanan & Fairweather 1994).

Gardner (1991, 1994) placed deformed steel bars
in machined voids between the outer laminates at the
top and bottom of glulam beams. A high strength
epoxy resin created a physical bond to the timber and a
mechanical bond on the deformations on the steel bar.
Increases in stiffness of 100 to 200% were reported.
The failure modes of the beams varied between yield-
ing of the steel and horizontal shear in the timber and
rupturing of the webs. The reinforcement of the beams
also significantly reduced their creep deflections. The
level of creep was lowered from 50% to 15% of the
initial elastic deflection. Based on long-term tests per-
formed, it was suggested that long-term creep would
be negligible.

Tasbeam (2002), an Australian company based in
Brisbane, fabricates steel-reinforced glulam beams
commercially using this technique. The important fea-
tures of the product, according to the manufacturers,

Figure 2. Tasbeam: (a) position of reinforcing bars and
(b) moment joint.

are additional strength and stiffness with reduced vari-
ability and small creep deflections. The reinforced
timber also displays a non-catastrophic failure mode,
unlike that of non-reinforced beams which fail without
warning.

A ‘new age flitch beam’has been developed recently
by TRADA (2002) using shot fired dowels for the tim-
ber to steel connection.The purpose of this work was to
provide ‘a means of utilising UK-grown Sitka spruce
to produce a high performance structural engineered
product.’

There are problems in achieving a good bond to
timber and concerns about durability. Nevertheless,
steel was a popular choice due to its relatively low
cost, availability and good stiffness properties. How-
ever, where steel is used as a reinforcing material the
timber will not reach its full strain capacity prior to
the yielding of the reinforcement. The yield strain for
high yield steel at 0.2% is approximately half that of
timber at 0.4%. The yielding of the steel will cause
it to debond from timber, resulting in the subsequent
tensile failure of the beam.

2.3 Fibre reinforced polymers (FRPs)

The successful use of FRP reinforcement is perhaps
the most significant development in laminated beam
technology during the last 40 years. One of the most
important steps in this progress is that of matching
the strain of FRP composites to timber. The FRP
reinforcement used by Tingley (1996) exhibited lin-
ear stress–strain behaviour in tension and failed about
1.7% strain. This is approximately double the strain
of the clear timber at failure. The high strain capacity
of the reinforcement allows the compression fibres to
reach their yield points and the tension laminates to
reach their ultimate tensile capacity, fully utilising the
strength of the timber.

In recent years attention has focussed on the use of
lower quality timber for which tension reinforcement
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is most effective. FRP-timber composites have been
developed at the University of Maine, USA (Landis &
Dagher 1997) and in Japan (Ogawa 2000) to use poorer
quality timber. An FRP is, of course, itself a composite
material in which high strength fibres of glass, aramid
or carbon are combined with a resin matrix by a pul-
trusion process to produce a strip or rod in which the
fibres are aligned uniaxially.

FRPs have other properties that make them particu-
larly suitable for use with timber. For example, timber
and FRPs both have a similar low coefficient of ther-
mal expansion, so that any differential strain caused
by temperature variation is well within the tolerance
for the bond line between the two materials and the
low rate of creep of FRPs will improve the long-term
cyclic loading performance of timber structures.

2.4 Use of glass fibre reinforced polymer
(GFRP) reinforcement

Fibres have been used in many different forms and
arrangements. FRP composite pultrusions were not
available for the earliest applications, which were
based on fibres alone. As early as the 1960s Theakston
(1965) reinforced laminated timber beams with vari-
ous types of glass fibre mats impregnated with epoxy
resin, of which the unidirectional non-woven mats
were found most suitable. The members displayed
increases in strength and stiffness both when wrapped
in the reinforcement and also when it was placed
between the horizontal laminates.

Some time later, Boehme (1976) investigated the
behaviour of reinforced beams made from solid timber,
plywood and particleboard. A polyester resin was used
to impregnate glass fibre that was added to the upper
and lower edges of the beams. A significant reduction
in creep deflection was reported.

Bulleit (1983) used surface mounted unidirectional
non-woven glass fibre mat impregnated with phenol-
resorcinol formaldehyde to reinforce particleboard.
The beams exhibited significant increases in both stiff-
ness and strength together with significant strength
retention beyond the peak moment capacity.

Rowlands et al (1986) considered FRP composites
suitable for reinforcement of timber beams. Douglas
fir beams were reinforced with three types of FRP:
glass, carbon and aramid (in the form of Kevlar). Ten-
sion reinforcement of the beams with 18% by weight
of GFRP increased stiffness by 40% and moment
capacity by 100%. The CFRP and AFRP offered fur-
ther improvements in performance but the cost of these
materials was significantly higher than GFRP.

Van de Kuilen (1991) showed that there were only
small gains in strength and stiffness from the use
of tension and compression reinforcement compared
with tension reinforcement only. Using the same total
area of GFRP reinforcement, the improvements in
performance between single and doubly reinforced

beams were similar.The resulting gains in strength and
stiffness over unreinforced beams were 58% and 32%
respectively for doubly reinforced beams, compared
with 49% and 27% increases for beams with tension
reinforcement only.

Plevris (1992) concluded that the use of FRP in
the compression zone of timber is not justified unless
the size of the beam is a critical design issue. This is
due to the fact that FRP composites have a lower axial
strength in compression, approximately 60% of that in
tension, and also due to stiffness disparities between
the timber and FRP that can cause delamination of the
reinforcement. Relatively few researchers have con-
sidered the use of FRP as compression reinforcement
(Davalos & Barbero 1991; Kim, Davalos & Barbero
1997).

Tasbeam is now experimenting with GFRP rod.
The substitution of FRP for steel rod in their cur-
rent production results in beams with a higher moment
capacity, lower weight allowing more convenient han-
dling and a section that is easier to saw to length. A
prerequisite for the GFRP is that it should possess
an axial stiffness value (EA) at least equal to that of
the steel it is replacing, since most of the designs are
governed by deflection limitations.

GFRP rods have been used to reinforce solid
Douglas fir beams (Gentile, Svecova & Rizkalla 2002).
Rods of 5, 10 and 13 mm diameter were installed close
to the bottom edge in 4 and 10 m span beams produc-
ing reinforcement area ratios ranging from 0.27% to
0.82%. The rods were placed in routed grooves that
were filled with an epoxy resin.The increase in flexural
strength was between 18% and 46%. The failure mode
of all beams was ductile compression-based and there
was no delamination or debonded of the reinforce-
ment outside regions where tension cracks occurred.
This technique was proposed for the strengthening of
a timber bridge near Winnipeg, Canada.

Lindyberg (2000) produced 90 no. beams of 6.7 m
span from Douglas fir and Western hemlock. The
beams were reinforced with GFRP, in equal num-
bers, in ratios of 0, 1.1 and 3.3%. The reinforcement
was positioned above the bottom laminate. The high-
est ratio of reinforcement, 3.3% which was obtained
using three layers of the GFRP, was found to increase
bending strength by nearly 120%.

2.5 Use of carbon and aramid reinforced polymers
(CFRP and AFRP) as reinforcement

The higher strength and stiffness properties of carbon
and aramid reinforced polymers (CFRP and AFRP)
compared to those of glass have provided greater
increases in performance using lower volumes of
reinforcement. A number of investigators reinforced
glulam beams by placing various types of CFRP
plates on their tension face.
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Plevris and Triantafillou (1992) demonstrated that
the bending strength increases approximately linearly
with the area of FRP up to a certain level, beyond
which moment capacity remains almost constant. It
was shown that as little as 1% CFRP of the cross-
sectional area of the timber can the increase strength
by 60% before compression yield occurred.

Ogawa (2000) has concentrated on finding a suit-
able use for the dominant native Japanese species,
Cryptomeria and Larch, which have low strength and
stiffness values. A CFRP composite sheet was sand-
wiched between resin impregnated pulp paper so that
standard laminating glues could be used to bond it to
the timber. The beams were doubly reinforced and, for
1.3% CFRP content, displayed a flexural modulus and
moment capacity twice that of the donor beams.

With a similar intention, Landis and Dagher (1997)
focused on developing FRP reinforced glulam, as it
was suitable for transforming the low-grade, low-
strength timber that was abundant locally in Maine,
USA, into high strength and stiffness composite
beams. The addition of CFRP reinforcement increased
the bending strength of the beams by up to 60% and
the flexural stiffness by approximately 30%.

Tingley (1994) has developed and patented a tech-
nology to fabricate a product known as FiRP glulam.
These glulam beams are reinforced with aramid, car-
bon, glass FRPs or hybrids containing more than one
type of fibre. The FRP is bonded to the glulam with
conventional timber adhesives along the full beam or
on particular zones of high bending moment. The typ-
ical amount of reinforcement used is in the range of
0.3% to 2.5%. From tests on full-scale reinforced glu-
lam beams Tingley found that AFRP was the most
suitable in strength applications compared to other
FRPs containing carbon and glass fibres. Hybrid rein-
forcement combining aramid and carbon was also
investigated.

Flavre and Tingley (2001) contend that the coef-
ficient of variation for reinforced beams compared
with unreinforced beams is significantly reduced in
relation to the predicted and experimental ultimate
moment values: typically 8–16% relative to 16–25%.
Ten AFRP reinforced beams, with a 1000 × 200 mm

Table 1. Material properties.

Ultimate strength (N/mm2)
Axial E

Material (N/mm2 × 103) Tension Compression

CFRP (epoxy m.) 165 3050 –
GFRP1 (polyester m.) 23 400 –
GFRP2 (phenolic m.) 52 1120 –
Steel 210 460 (yield) –
Sitka spruce 9 35 34.2

cross-section, have been used for a commercial build-
ing with a span of 26 m. These beams proved to be
significantly lighter than conventional beams. On-site
deflection testing showed good agreement between the
measured and predicted deflections.

3 RECENT WORK AT QUEEN’S UNIVERSITY

3.1 Materials

On-going work has concentrated on the reinforcement
of locally grown Sitka spruce. The strength and stiff-
ness properties of structural size ‘in-grade’ timber
samples were established and used for the theoreti-
cal prediction of elastic and ultimate load behaviour
of test beams. The results from axial tests produced
the data presented in Figure 3. The stress–strain rela-
tionship in compression is of particular significance;
it is linear up to the limit of proportionality and then
displays clear non-linearity beyond the elastic range.
This behaviour has been simplified to a bi-linear plot
(Gilfillan, Gilbert & Patrick 2001).

The properties of the FRP materials selected for
use in the programme were established by test and are
given in Table 1.

Various types of adhesives were used in a series of
shear block tests on small cube specimens to evalu-
ate the reinforcement/timber bond. A ‘filled’ two-part
epoxy resin system was selected which ensured that
all shear failures took place in the timber (Fig. 4).

Figure 3. Axial stress–strain plot for strength class C16
Sitka spruce.

708



3.2 Theoretical assessment

The failure model adopted assumes that initial failure
occurs at the outer fibres on the compression edge. Fur-
ther loading causes a redistribution of stresses through
the depth of the beam as these fibres lose some of their
stress-sustaining capacity due to the bi-linear nature of
the stress–strain plot.

A theoretical study was carried out to examine the
influence of reinforcement type, location and percent-
age area on the strength and stiffness of timber beams
for both the elastic and ultimate behaviour states. It
was possible to predict flexural stiffness, shear capac-
ity, moment of resistance and neutral axis position.
The analysis was designed to facilitate a parametric
study of the various cases (Gilfillan, Gilbert & Patrick
2001).

3.3 Beam testing

The test arrangement for a series of 6 m span beams,
is shown in Figure 5. These beams had a cross-section
measuring 70 × 300 mm, made up with 10 no. 30 mm
thick laminates. Strain profiles were recorded care-
fully in order to verify the assumptions made during
the theoretical modelling. A typical strain profile for
a tension-reinforced beam close to failure is shown in
Figure 6.

3.4 Discussion of results and comparison with
prediction models

3.4.1 Elastic behaviour
The measured stiffness of all the reinforced laminated
beams showed good agreement with the predictions,

Figure 4. Typical failed shear cube sample.

Figure 5. Beam testing arrangement.

Figure 7. The solid lines indicate theoretical pre-
dictions. The experimental values show increases in
flexural stiffness over the donor beams ranging from
24% to 55%. The donor beams are represented by 0%
area of reinforcement.

3.4.2 Ductile failure
The tension-reinforced beams displayed a high degree
of ductility approaching failure. A close-up view of a
typical failure zone is shown in Figure 12. The duc-
tility ratio compares the deflection at failure to that
at the elastic limit. For these beams it was approx-
imately 2.3. In contrast, unreinforced control beams
displayed a linear load-deflection curve until sudden
failure occurred, resulting in a ductility ratio of 1.0.

3.4.3 Ultimate load behaviour
The unreinforced beams failed suddenly due to ten-
sion in the timber. Tension-reinforced beams exhibited
clear evidence of timber crushing in the upper laminate
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Figure 8. Initial compression failure in upper laminates
followed by tensile failure in lower laminates.
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Figure 9. Experimental results and theoretical predictions
for ultimate moment.

as shown in Figure 8. This was followed by secondary
failure in which the timber split longitudinally.

There was generally good agreement between the
experimental and predicted values, Figure 9. The
stress profiles obtained for the more heavily reinforced
beams indicate that compression yield extended only
to approximately 2/3 of the section depth, even though
the area of reinforcement provided was sufficient, in
theory, to mobilise all the timber in compression. This
limit on the amount of timber in compression explains
why the predicted ultimate moments for a number of

beams that were effectively ‘over-reinforced’by differ-
ent amounts, are similar (Gilfillan, Gilbert & Patrick
2002).

4 CONCLUSIONS

This review of work on FRP reinforced timber indi-
cates that reinforcement is an effective means of
increasing the strength and stiffness of solid and lami-
nated beams. In the case of low quality timber the use
of tension reinforcement is the most effective approach
to suppress brittle tension failure in the timber and
produce more consistent behaviour.

Recent work has focused on the use of high strength
fibres, particularly glass, aramid and carbon in the
form of pultruded reinforced polymers.The high strain
capacity of the reinforcement allows the compression
fibres to reach their yield points and the tension lam-
inates to reach their ultimate tensile capacity, fully
utilising the strength of the timber. Pultruded strip is
compatible with the fabrication process of laminated
timber and increased demand has started to reduce
costs, particularly in the case of CFRP.

Recent work at Queen’s University Belfast has con-
centrated on the reinforcement of home-grown Sitka
spruce with the general intention of promoting this
timber in higher value end uses. The findings indicate
that this timber is particularly suited to the addition
of reinforcement due to the resulting ductile compres-
sion mode of failure. Strength and stiffness behaviour
is significantly improved.
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ABSTRACT: This paper presents the results of a multi-phase project aiming at developing fiber-reinforced-
polymer (FRP) composite systems for structural upgrade of the flexural capacity of steel girders. This study
is divided into three phases; namely i) large-scale verifications tests of two strengthening systems, ii) field
application of the composite systems on some girders of the Sauvie Island Bridge (Portland, Oregon, USA), and
iii) long-term monitoring of the performance strengthening system using either strain gages and/or fiber optical
system with either wire or wireless data collection system. The two composite systems that were evaluated in
this program are i) precured carbon/epoxy (CFRP) strips, and ii) the innovative composite sandwich system
(H-Lam©). This paper describes the results of first two phases of the study that includes large-scale verification
tests and description the field application of the composite systems.

1 INTRODUCTION

Despite its great potential, limited information is avail-
able on bonded FRP composite-to-steel. The proposed
project aims at investigating the feasibility of using
a combination of polymer composites, high-strength
adhesives as strengthening system for upgrading the
structural performance of bridge steel members.

In addition to the benefit of upgrading the struc-
tural capacity of steel members, results of a prior
FHWA research study sponsored by the Federal High-
way Administration (FHWA) indicated that attaching
a cover plate to the tension flange of a steel girder
with longitudinal welds along the central region, and
with friction-type high-strength bolted connections at
the non-welded ends, could increase the fatigue life
by a factor of 21 over that of conventionally end-
welded cover plate (Albrecht et al. (1984)). Accord-
ingly, end-bolted cover plates have Category B fatigue
strength, whereas end-welded cover plates have Cate-
gory E strength. The large increase in life is possible
due to the fact that friction-type bolted connections
transfer forces from one plate to another with lesser
stress concentration compared to rigid welded con-
nections. Based on this observation, one would expect
an increase in the fatigue strength of structural bridge
member when adhesives are added to assist in dis-
tributing and transferring the load over a larger area,
thus reducing the stress concentration.

The use of adhesives provides attractive features
for strengthening existing under-rated bridge steel
members.

This includes the ease of applications, minimiz-
ing heavy equipment, minimizing or eliminating the
need for making holes or using bolts. As a result,
this approach can provide the structural engineers with
quick and low cost fix for different members such as
bridge steel girders and columns.

2 RELATED RESEARCH WORK

A pioneering research project on the use of com-
posites and high-strength adhesives in seismic repair
and rehabilitation of welded steel moment frame con-
nections was initiated by Mosallam et al. (1999).
The fullscale test results indicated that the used of
bonded carbon/epoxy stiffeners resulted in an increase
of more than 25% of the undamaged welded steel
connection strength. In addition, the ductility of the
repaired connections was enhanced with a plastic rota-
tion capacity of more than 0.025 rad. One of the first
investigations on the use of carbon/epoxy strips in
strengthened steel girders was reported by Sen and
Liby (1994). A case study on the use of composites
in upgrading the structural capacity of steel girders
was reported by Garden, and Shahidi (2002). In this
case study, the steel girders were heavily corroded and
were repaired, after cleaning and geometrical restora-
tion, by composites that were applied using vacuum
bagging method. Whether this repair was appropriate
given the advanced corrosion stage of the repaired, is
still questionable.
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The majority of the research work and field appli-
cations for cast iron members’ rehabilitation were
performed in Europe and with the majority in England.
For example, Silvia and Church (2002) reported a case
study on the use of carbon/epoxy composites for struc-
tural upgrade of three cast iron bridges in England.
Tavakkolizadeh and Saadatmanesh (2003) presented
the results of a study on repairing steel girders using
precured carbon/epoxy strips. In this study, a total
of three large-scale composite (steel/concrete) girders
were repaired using different composite strengthen-
ing ratios with different degrees of simulated damages
were evaluated. A similar study was conducted by
Photiou et al. (2004) on artificially degraded steel
box beams using prepreg carbon/glass U-shaped lam-
inates. The test results showed a significant increase
in the strength and stiffness of the repaired beams.
The use of prestressed composite patches for repair of
cracked steel members was analyzed by Colombi et al.
(2003). Progress in the technique of upgrading metal-
lic structures with advanced polymer composites was
reported by Hollaway and Cadei (2002).

3 COMPOSITE STRENGTHENING SYSTEMS

A total of five (5) tests were conducted on three (3)
half-scale wide flange steel beams (W8 × 35A36).The
control specimen was tested up to failure with no initial
cyclic loadings. However, for each of the strengthened
beams, initial cycling tests were performed followed
by quasi-static tests up to failure.

3.1 CFRP strips

The precured CFRP strips were made of unidirec-
tional carbon/epoxy. The adhesive used to bond these
strips was a two-part ambient temperature epoxy
system that is originally designed to bond com-
posites to concrete surfaces. Per the supplier data,
the mixing ratio of this epoxy is 100 parts of com-
ponent A to 30 parts of component B by volume (or
100 parts of component A to 25 parts of compo-
nent B by weight). The carbon/epoxy strips used in
this evaluation were 101.6 mm (4′′) × 1.9 mm (0.075′′)
[width × thickness]. The mechanical properties of the
precured CFRP strips provided by the supplier are
shown in Table (1). It should be mentioned that during
construction, a glass mat was added to one surface of
the strips for galvanic corrosion protection (refer to
Figure (1)).

3.2 H-LAM© panels∗

The reinforcing honeycomb polymer composite pan-
els consist of high strength composite facing sheets

∗US Patent Pending # 60-146,830.

bonded to a lightweight high-density/high-strength
core material. The H-Lam© panels were designed
such that they are both thermally and mechanically
balanced. The face sheets of the composite sandwich
panels are comprised of 0◦/90◦ carbon/epoxy lami-
nates with E-glass/epoxy thin laminates at the interface
with the steel girder and the aluminum honeycomb
core. The reason for using 90◦ cross laminates is for
stability of the unidirectional laminates during both
the fabrication and during service.

As mentioned earlier, the H-Lam© used in this
study also has an E-glass/epoxy cover layers to pro-
tect the carbon-based composite panel from galvanic
corrosion (the galvanic corrosion occurs upon direct
contact of the carbon/epoxy to steel in the presence of
moisture, which in this application is unavoidable). In
addition, the H-Lam© panels have an E-glass peel-ply
to protect the pretreated face sheet to be bonded to the
steel bottom girder (refer to Figure (2)). This functions
of the added peel-plies are: i) to ensure a high qual-
ity shop surface preparation of the composite face,
ii) to protect the composite panels from damages and

Table 1. Mechanical properties of the CFRP strips.

Property Typical test value

σ11 2.79 GPa [405,000 psi]
E11 155.1 GPa [22.5 × 106 psi]
ε11 1.8%
σ22 Zero

Figure 1. SCCI carbon/epoxy strips with E-glass chopped
Fibers Mat.
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surface contamination while handling and shipping
and iii) to minimize the field surface treatment.

Unlike the general-purpose epoxy used for the off
the-shelf CFRP strips system, which was originally
developed for concrete and masonry, the H-Lam©

adhesive system was engineered specifically for steel
strengthening application. In designing the adhesive
system, several criteria were considered including:
i) the surface preparation and treatment requirements
(ease of field application), ii) viscosity (workability),
iii) temperature variation, and long-term durability
requirements including wet environment, iv) tough-
ness and strain compatibility with steel and com-
posites, v) fatigue resistance and vi) strength and

Figure 2. The H-Lam© Peel-ply.

Table 2. Mechanical properties of H-Lam© adhesives.

Tensile Tensile Tensile Lop shear
strength modulus elongation strength∗
(psi) (psi) (%) (psi)

3,500–3,800 75,000–100,000 0.9–1.1 2,200–2,700

Figure 3. Typical exotherm curve for H-Lam© adhesive at
24◦C (75◦F).

stiffness requirements. Instead of the general-purpose
epoxy adhesives used for bonding the CFRP strips,
a methacrylate adhesive system was engineered and
used for bonding the H-Lam© panels. Properties of
the H-Lam© adhesive system are presented in Table 2
and Figure (3).

4 DESCRIPTION OF THE EXPERIMENTAL
VERIFICATION PROGRAM

Figures (4) and (5) show the test setup details used for
evaluating all the beam specimens under both cyclic
and quasi-static loads. As shown in these figures,
the load was applied in a four-point load configura-
tion. Both deflection and strain measurements were
collected continuously during each test.

The load was applied using a 445-kN (100-kip)
MTS which was connected to a 445-kN (100-kip)
load cell with ±76.2 mm (3′′) stroke. The hydraulic
actuator total load was applied in the form of two
concentrated loads via a transfer steel beam. The two
concentrated loads were positioned at equal distance

Figure 4. Typical test setup and stiffeners details.

Figure 5. Dimensions and typical test setup.
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from the beam centerline of 30.5 cm (12′′). The origi-
nal experiment design called for welded steel stiffeners
under the applied loads to minimize the stress con-
centration at these locations and to avoid premature
web buckling. However, it was decided to use wooden
blocks instead which were snugly fitted to support the
flanges and minimize the stress concentration effects
(refer to Figure (5)).

All data was monitored and recorded using data
acquisition software, which also provided real-time
monitoring of data during testing. The deflection data
was captured using a ±25.4 mm (1′′) Linear Variable
Differential Transducer (LVDT). Strains were mea-
sured using several electronic strain gages bonded to
both the steel and the composites at different loca-
tions (refer to Figure (6)). Load/deflection (P/δ) and
Load/strain (P/ε) curves were developed for each spec-
imen and both localized and ultimate failure modes
were recorded and then analyzed.

4.1 Loading regime

Cyclic Loading:The cyclic loading test was performed
only on the two beam specimens strengthened with
polymeric composites (i.e., Strips and H-Lam©). The
purpose of the cyclic tests was to evaluate the strength
of the adhesive bond line when subjected to repeated
loading cycles. The average value of the cyclic load
was 70 kN (15.75 kips) which was applied to the
strengthened beam specimens. The mid-span deflec-
tion corresponding to the cyclic load was 6.35 mm
or 0.25′′ (L/600). The frequency used in all cyclic
tests was 1.43 Hz to simulate traffic load over time.
It was estimated that 547,500 cycles simulate 5 years
of bridge traffic. The cyclic tests duration of the
CFRP strips was 122 hours, while the duration for
the HLam© test was 166 hours. The second test was
longer because it was run continues over the Thanks-
giving Holiday rather than having someone come in to
stop the testing.

Quasi-Static Ramp Loading: This type of test was
conducted for all three steel beam specimens evaluated

Figure 6. Locations of deflection and strain gages.

in this program. These tests were conducted on the
same strengthened beam specimens that were used in
the cyclic test. The quasi-static loads were applied in
a form of a ramp until failure. However, the loading
was halted several times for a few minutes to perform
inspections. The definition of failure load used in this
study is the point at which the beam could no longer
resist any additional load.

5 CYCLIC BEHAVIOR OF STRENGTHENED
BEAMS

5.1 CFRP strengthened beam

This beam specimen was identical to the control spec-
imen in both dimensions and mechanical properties,
except that two 101.6 mm (4′′) CFRP strips were
bonded to middle 1.83 m (72′′) of the beam bottom
flange using epoxy adhesives described earlier. Prior
to the application of the CFRP strips and the bottom
flange was sand blasted and cleaned.

As mentioned earlier, the average value of the cyclic
load was 70 kN (15.75 kips). The average mid-span
deflection corresponding to the cyclic load was 6 mm
or 0.234′′ (L/641). The frequency used in all cyclic
tests was 1.43 Hz to simulate traffic load over time.
The cyclic duration of this test was 122 hours (5.083
days) with a total number of cycles of 628,000.

The strain versus time for this specimen is shown
in Figure (7). As shown in this figure, the starting
value of the mid-span CFRP tensile strain was 297.85
µ-strain and the maximum value was 314 m-strain that
occurred after sixty-one (61) hours of cyclic loading.
The minimum value of the CFRP tensile strain mea-
sured at the mid-span location was 295.4 µ-strain. In
general, there was no significant drop in the strain that
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Figure 7. CFRP strengthened beam strains vs. time curves.
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would imply local or global debonding at the mid-
span location where shear stresses are zero. However,
towards the ends of the CFRP strips strain values were
unstable. This unstable behavior may be attributed to
the inherent brittleness and the lack of toughness of
the Tyfo™ epoxy adhesives used in bonding the CFRP
strips to the steel bottom flange indicating the devel-
opment of microcracks at the bondline. Figure (8)
shows the percentage of tensile strain variation near
the ends of the CFRP strips [@ 0.87 m (34′′) from the
Centerline.]

5.2 H-Lam© strengthened beam

The test setup for this specimen was identical to the
CFRP strips strengthened beam specimen described
earlier.

The duration of this test was 36% longer than the
duration of the CFRP strips strengthened beam speci-
men (166 hrs vs. 122 hrs). The total number of cycles
for this test was 855,000. The average value of the
cyclic load was 694.4 kN (15.50 kips). The average

Figure 8. Percentage of tensile strain variation near the
ends of the tyfoTM CFRP strips [@ 0.87 m (34′′) from the
centerline].

Figure 9. H-Lam© strengthened beam strains vs. time
curves.

mid-span deflection corresponding to the cyclic load
was 6.4 mm or ¼′′(L/600). The same frequency of
1.43 Hz was used to simulate traffic load over time.

The strain versus time for this specimen is shown
in Figure (9). It should be noted that the H-Lam© ten-
sile strains mid-span and at 34′′ from the centerline
are captured by strain gage #3 and gage #4, respec-
tively.As shown in Figure (9), there were no significant
drops in the strain values (that would imply local
or global debonding) at the mid-span location where
shear stresses are zero or at the H-Lam© ends where
shear stresses are maximum.

As compared to the behavior of the CFRP strips
strengthened specimen, one can see that the H-Lam©

strengthened strain vs. time behavior is very stable
indicating the complete bond between the H-Lam©

and the steel bottom flange and the enhanced tough-
ness characteristics of the methacrylate adhesives used
in bonding the composites to the steel.

6 QUASI-STATIC AND ULTIMATE BEHAVIOR
FRP STRENGTHENED BEAMS

6.1 CFRP strengthened beam

Following the cyclic test, the CFRP strips strengthened
specimen was visually inspected and then subjected to
quasi-static failure test. The ultimate failure test setup
is identical to the cyclic test setup.

As shown in Figure (10), the behavior of this spec-
imen was linear up to a load level of 370 MPa or
53.66 ksi (proportional limit stress), after which the
behavior exhibited non-linearity up to the ultimate
failure of the specimen. The net ultimate load of the
strengthened specimen was 269 kN (60.45 kips) with a
corresponding mid-span deflection of 41 mm or 1.62′′
(L/92.5). It should be noted that deflection readings
were limited by the available clearance between the
bottom of the specimen and the testing frame ground
girder.The failure was a combination of local buckling

Figure 10. Experimental load-deflection curve of CFRP
strips strengthened beam specimen.
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of the top flange and an overall lateral buckling of the
beam.

6.2 H-Lam© strengthened beam

Following the cyclic test, the H-Lam© strengthened
specimen was visually inspected and was subjected to
quasi-static failure test. The ultimate failure test setup
is identical to the cyclic test setup (refer to Figure (4))

As shown in Figure (11), the behavior of this spec-
imen was linear up to a load level of 367 MPa or

Figure 11. Experimental load–deflection curve of H-Lam©

strengthened beam specimen.

Figure 12. Ultimate failure of the H-Lam© strengthened
beam specimen.

53.46 ksi (proportional limit stress), after which the
behavior exhibited non-linearity up to the ultimate
failure of the specimen. The net ultimate load of the
strengthened specimen was 297 kN (66.79 kips) with a
corresponding mid-span deflection of 68 mm or 2.71′′
(L/55.4). No failure was observed in the bondline
or the H-Lam©. Again, and due to the fact that the
compression is not supported, the failure was a com-
bination of local buckling of the top flange leading to
an overall lateral torsional buckling of the beam (refer
to Figure (11)).

The maximum-recorded steel strains at the bot-
tom flange locations (Gage No. 5 and Gage No. 8)
were 3,322.8 µ-strain and 2,836.91 µ-strain, respec-
tively. Again, the difference in the steel strain values is
attributed to the development of lateral torsional buck-
ling, as well as the unevenness of the applied load
due to the large deformation at higher stresses. The
maximum-recorded tensile strain at the bottom face
laminate of the H-Lam© was 4,199.22 µ-strain at mid-
span and only 359 µ-strain at a distance of 0.87 m (34′′)
from the beam’s centerline.

Figure (13) shows the strain distribution along the
depth of the H-Lam© strengthened beam specimens at
two load levels. The first load level corresponds to an
L/600 mid-span deflection of 6.35 mm (¼′′) occurred
at an applied load of 64.5 kN (14.5 kips).

The second strain distribution corresponds to the
maximum load level applied to this specimen (at a load
of 304.7 kN or 68.5 kips). As shown in this figure, at
both low and high stress levels, the neutral axis (N.A.)
shifted downwards to a distance of 13.2 mm (0.52′′)
relative to the beam centerline. This distribution also
shows that there was an increase of 26% in the tensile
strain level at the bottom laminate of the H-Lam© as
compared to the tensile strain of the interior bottom
flange face. This percentage could have been larger
had shear connectors and concrete deck been used in
combination with the adhesive which would reduces
the percentage of the bypass strains that developed

Figure 13. Mid-Span strain distributions along the H-Lam©

strengthened beam depth at service and ultimate loading
levels.
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due to the shear deformation of the aluminum core. It
should be noted that the linearized strain distribution
at the maximum load is an approximation and is based
on only three strain gage readings.

7 FIELD APPLICATION OF THE
COMPOSITES SYSTEMS

Following the half-scale laboratory verification phase,
the field application phase that included the applica-
tion of the two verified systems was performed. The
field application was performed on selected steel gird-
ers of a selected span of the Sauvie Island Bridge. The
construction phase occurred in the summer of 2003.

All composite panels, adhesives and tools were
transported to the site at the same day. The temper-
ature was about 22◦C (73◦F) and increased towards

Figure 14. Restriction of all vehicles over 10 tons was
posted in the Sauvie Island Bridge one week prior the
construction date.

Figure 15. The temporary clamping system.

the middle of the day to about 22◦C (77◦F). The field
application took place during the weekend (Sunday,
June 29, 2003) to ensure minimum traffic interruption.
In addition, a restriction ( from 12 p.m. to 9 p.m.) for
all vehicles over 10 tons was posted in the bridge
two weeks prior to the construction date (refer to Fig-
ure (14)).This was important to minimize the dynamic
load that may affect the initial curing (cross link-
ing) process of the adhesives. Temporary clamping
steel/plywood fixtures were used for applying pressure
to the composite panels during curing (refer to Figure
(15)) and were removed after one day of application.
The application was completed in 5 hours and the
panels were instrumented with strain gages in differ-
ent locations for the third ongoing health-monitoring
phase. In addition to strain monitoring, several com-
posite samples were adhered to steel using the same
types of adhesives that were subjected to the same
field environment. Frequent pull-off tests are being
performed to monitor the long-term bondline strength
at different environmental exposures.

8 CONCLUSIONS

Cyclic and quasi-static test results obtained from half-
scale steel beams indicated that the use of poly-
mer composite is capable of enhancing the structural
behavior of steel beams. However, one should note
that these tests are a conservative modeling of the
actual steel bridge girders for several reasons including
the unsupported top flange configuration (no con-
crete deck) that was used in these tests described
herein, while in the actual bridge, the top flanges are
embedded in and supported by the bridge deck.

Despite the fact that no shear connector mecha-
nism is provided between the actual top flange and the
bridge deck, the major benefit of the deck is supporting
the top flange and consequently preventing the occur-
rence of both local buckling of the top flange, and the
lateral torsional buckling failures that were observed in
all tests.Another issue is the high stress concentrations
that were developed during the quasi-static tests due to
four-point load configuration and the lack of sufficient
supporting stiffeners under the point loads, except for
the two unbonded wooden blocks described earlier in
this report. The simply supported configuration con-
tributed also in the occurrence of the lateral instability
that does not exist in the Sauvie Island Bridge.

The cyclic results indicated the stability of the
bond line of the H-Lam© strengthened beam at both
zero and maximum shear stresses locations, while
the CFRP strips may have shown instability, at end
locations where shear stresses are maximum.

Ultimate test results indicated that the use of poly-
mer composites increases the flexural capacity of the
control beams. The net strength gain resulted from
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using the H-Lam© was almost double of the strength
of the beam strengthened with the CFRP strips (27.5%
vs. 15.4% as compared to the ultimate capacity of the
control steel beam). Although, test results indicated
that the H-Lam© strengthened beam system resulted
in an increase in toughness up to 45% as compared to
the control specimen while the CFRP strips strength-
ened had 42% lower toughness as compared to the
control specimen, this is not a final conclusion due to
the fact that the CFRP strips strengthened beam test
was stopped due to the clearance limitation between
the bottom flange of the strengthened beam and the
testing frame ground beam.

Based on the results obtained from both the quasi-
static and cyclic loading tests, it is concluded that the
use of composites succeeded in meeting the flexural
demand. Accordingly, it is concluded that compos-
ites are found to be valuable and effective system to
increase the capacity of the existing steel girders of the
Sauvie Island Bridge.

A simplified analytical and design linear proce-
dures, based on the transformed section methodology
were developed and successfully predicted the linear
portion of the behavior of the steel beam strengthened
with H-Lam© composites.

The predicted strength of the steel beam strength-
ened with H-Lam© composites deviated only 6% from
the experimental value. The predicted location of the
neutral axis was 10.41 mm (0.41′′) below the cen-
troidal axis of the as-built beams while the actual
experimental location was 13.2 mm (0.52′′) with 26%
deviation. The deviation is attributed to the fact that
the analysis was performed for the elastic range while
the experimental value included the nonlinear range
resulting in additional downward movement of the
neutral axis due to the local buckling of the top
flange of the strengthened beam as witnessed in the
laboratory test.

In order to capture the performance of the hybrid
steel/composite beam during the nonlinear range
(post-buckling behavior) both finite element analysis
and progressive failure (PFA) simulation are required.
For this reason, models for the control (unstrength-
ened steel beam) and the steel beam strengthened
with H-Lam© composites were generated and both
linear and non-linear finite element analysis were con-
ducted using NASTRAN finite element code (refer to
Figure(16)). The progressive failure analysis is being
performed by the state-of-the-art virtual reality code
GENOA developed jointly by NASA and Alpha Star
Corporation. It is intended to extend the scope of the
PFA analysis to cover durability and other service con-
ditions for the actual applications and the final resulted
will be reported after the demonstration application on
the actual bridge.

Figure 16. Displacement plot of the H-Lam© strengthened
beam NASTRAN model.
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ABSTRACT: The New Museum in Berlin – built in the middle of the 19th century – is presently being
rehabilitated. Its slabs consist of historic cast iron girders with masonry vaults in between. The increase of
service loads of future use, damage of girders due to war, etc. warrant the strengthening of girders. Because of
preservational reasons, CFRP plate bonding was chosen for that. Report describes the various steps needed to
verify that method, seldom applied yet for cast irons structures.

1 INTRODUCTION

The Museum Isle in the center of Berlin represents the
cultural heart of the city. There, several museums of
renown are assembled. Most of them were built in the
19th century, and all of them were severely damaged
during the 2nd world war. In the focus of this paper
is the New Museum which formerly housed the col-
lection of ancient Egyptian art. The New Museum is
presently being rehabilitated. In addition to the dam-
age by war, the neglect over decades did its share to
the desolate condition of the building. Figure 1 shows
its present state.

A special feature of this building are its slabs. These
consist of flat masonry vaults between historic cast
iron girders (HG). For large spans, the girders rest on

Figure 1. The New Museum at present.

tied arches made of cast iron; for short spans, the gird-
ers lie directly on masonry walls. Figure 2 presents a
view of the partly intact structure. The cross-section
of the HG is very similar to the one of newly manufac-
tured girders (NG) for test purposes, shown in Figure 5.
The HG have to be strengthened because of the
increase of service loads of future use, internal defects
in historic cast iron and because of potential cracks in
the tensile zone of girders caused by falling debris etc.

Authors were engaged to elaborate a concept for
the strengthening of the historic cast iron girders by
bonded CFRP plates. Reasons for this method were
its efficiency and the unobtrusiveness of plates. The
concept required the assessment of on-site status of
girders, comprehensive tests, rules for design, execu-
tion, and for the quality control of works.

Figure 2. View of undamaged cast iron structure.
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2 EXPERIMENTS

2.1 Material values of cast iron

Prior to test work, the girders were thoroughly inves-
tigated. Preservational reasons precluded the extrac-
tion of historic cast iron girders for tests. However,
remnants could be salvaged for materials testing.

Cast iron from 1850 exhibits – with a carbon content
of 3.4% – a lamellar graphite structure. When sub-
jected to high tensile stress, it may fail in brittle manner
and under a low failure strain. Its stress–strain lines in
compression and tension are markedly non-linear.
Scatter of mechanical properties is significant. The
following values were measured for the HG:

Rm = 124 MPa mean axial tensile strength
VR = 6.8% coefficient of variation
εu = min. 3.0 to ultimate strain

max. 6.0 · 10−3 [–]

For comparison and the analysis of test results, the
values for new cast iron NG (material GG 20 acc. to
DIN 1691) also had to be established:

Rm = 201 MPa mean axial tensile strength
εu = 6.0 to 7.5 · 10−3 [–] ultimate strain

The progress in cast iron technology is obvious.
Stress sensitivity was significantly mitigated over
the past 150 years. Figure 12 shows examples of
stress–strain lines in axial tension for HG and NG.

It must be pointed out, that the cylindrical test spec-
imens for NG were machined from the bulk of seperate
cast iron rods. Whether these specimens represent the
texture and mechanical properties of cast iron near the
bottom or top of girders could not be verified.

2.2 Material values of CFRP plates

CFRP plates – produced by Sika – with the breadth
bp = 50 mm were used. Two types of plate were inves-
tigated: CarboDurS (standard modulus fibers) with the
thickness of tp = 1.2 mm and CarboDur H (high mod-
ulus fibers) with tp = 1.4 mm. The mean material
values in axial tension are:

CarboDur S – nominal values
fc = 2800 MPa axial tensile strength
Ec = 170 GPa elastic modulus
εu = 16 · 10−3 [–] failure strain

CarboDur H – based on test results
fc = 1890 MPa axial tensile strength
Ec = 276 GPa elastic modulus
εu = 6.9 · 10−3 [–] ultimate strain

For bonding, the epoxy resin Sikadur 30 was selected.

2.3 Bond strength tests

The test specimen consists of 2 cast iron plates with the
dimensions length/breadth/thickness 400/100/20 mm

(double lap type). These plates were prepared by sand-
blasting and joined on either side by CFRP strips
with the dimensions 2lb/50 mm/tp The bond length
lb was varied: 50, 100 and 200 mm. S- and H-CFRP
type plates were investigated. Specimens were instru-
mented with several electrical strain gages on both
sides and along bond-length.

Specimens were tested in axial tension to failure.
With these bond-lengths, 3 tests with each plate type
were performed. Specimens failed in brittle manner
where S-type plates exhibited failure in the adhesive
close to the interface glue/CFRP. The H-types however
failed by interlaminar CFRP-failure. Figure 3 shows
the specimen with the H-type plate and bond-length
of 200 mm after failure.

Within the investigated range, the bond failure
forces were not significantly influenced by the bond
length. This fact indicates that the maximum bond
force is already associated with the bond transfer
length of about 50 mm. The stiffness of plate exerted
a significant influence. The mean bond failure force
of joints with the high modulus H-type plates were
Fu,m = 48 kN for all bond lengths and thus consid-
erably higher than with the low-modulus S-type of
Fu,m = 30.9 kN. The ratio of mean failure forces
is about 1.56 which is in between the ratio of plate
stiffnesses 1.9 and the square root thereof.

2.4 Bending tests

In the structure, the HG are single span beams with a
span of up to 5.90 m. The extraction of girders from
structure was rejected. In view of this fact, the assess-
ment of bending strength of HG with and without
CFRP plates based on calculations alone seemed to
be too risky.

It was therefore decided to perform bending tests
on un-strengthened and strengthened newly manufac-
tured girders (NG), with and without artificial sharp
notches in the tensile zone of girder. The existence
of internal defects and cracks in the HG cannot be

Figure 3. Specimen for bond testing after failure.
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precluded. On basis of the tests, the relative gain in
bending strength due to CFRP will be introduced into
the strengthening concept.

Figure 4 shows the system and dimensions of spec-
imen, Figure 5 the cross-section and Figure 6 the test
set-up. The span was 1.40 m. The CFRP plates were
bonded to both sides of girder and on entire free length.
Instability of compression chord was obviated. In all,
13 beams were tested.

In Table 1 the main variables and results are listed.
Specimens were either un-notched or artificially pre-
notched. For the notched specimens, 2 notches of a
depth of 4 mm and a breadth of 1 mm were cut into
tensile zone. One notch was located in one of the force
axes, the other one in the zone between forces. CFRP
plates of S- and H-type were investigated. Besides
the forces and vertical deformations, the longitudinal

Figure 4. System and dimensions of specimen.

Figure 5. Cross-section of girder and CFRP plates.

strains of girder and plates were measured with electri-
cal strain gages in 6 elevations from bottom of girder,
partly 2 gages in opposite in certain elevations.

3 MAIN RESULTS OF BENDING TESTS

3.1 Modes and locations of failure

A brief discussion of results is presented. All speci-
mens failed suddenly in tension starting at the bottom
of girder in the cast iron. This was caused and was
immediately followed by a combination of rupture and
bond failure of the CFRP plates.

Un-notched specimens failed within the zone
M = const., notched specimen also failed within that
zone, though always at one of the notches. In Figure 7,
specimen No. 12 after failure is depicted. In Table 1
the failure loads meas Fu and the tensile failure strains
meas εu 5 mm above bottom of girder are listed.

Figure 6. Set-up of four points bending test.

Table 1. Variables and main results of bending tests.

CFRP Meas Fu Meas εu

No. type Notch [kN] [10−3]

1 – No 89.7 –
2 – No 96.6 7
3 – No 89.1 6.5
Mean – – 91.8 –

4 – Yes 48.8 2
5 – Yes 52.8 2
10 – Yes 47.4 3
Mean – – 49.7 –

6 S No 111.8 5
7 S Yes 89.1 6
8 H No 156.5 8
13 H No 147.4 6.5
Mean – – 152.0 –

9 H Yes 118.4 5
11 H Yes 114.1 5
12 H Yes 118.6 5
Mean – – 117.0 –
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Figure 7. Girder No. 12 after failure, CFRP removed.

Figure 8. Normalized mean bending capacities and
strengthening ratios of test girders.

3.2 Influences on bending strength

The notch reduced the bending strength of unstrength-
ened girders by 46%, meanwhile the reduction of the
section modulus being only 3.5%.

The bending strength of both, un-notched and
notched girders was noticeably increased by CFRP-
plates, the stiffness of the latter being influential.
The increase in bending strength by the CFRP plates
can be expressed by the strengthening ratio η (meas-
FuCFRP/measFu). In Figure 8 the observed bending
capacities, normalized to the un-notched and un-
strenghtened girder (1,0) and the strengthening ratios
are shown. For un-notched beams this ratio with H-
plates amounts to ≈1.66 and with S-plates ≈1.22. For
notched beams the respective ratios are 2.35 and 1.79.

3.3 Strains

The strain measurements prove that specimens strictly
deform in the vertical plane. The longitudinal strains
in the zone M = const. are linearly distributed over the
height of girder. Immediately prior failure, a certain
plasticity of bottom strain can be observed. Figure 9

Figure 9. Strains dependent on force and location of strain
gage DMS for girder No. 12.

Figure 10. Strains dependent on distance above bottom of
girder and on force for girder No. 12.

shows the strains in the zone M = const. for girder
No. 12 dependent on force and distance from bottom
of specimen (with DMS the strain gages are denoted).
In Figure 10 the distribution of strains over the height
of girder and dependent on force is depicted.

3.4 Conclusions from experiments

The fact, mentioned in 3.2, that in unstrengthened gird-
ers actual strength reduction by notching far exeeds
the arithmetical reduction of the section modulus,
illustrates the dramatic influence of the notch effect.

It is evident, that the strengthening effect in notched
beams is significantly more pronounced, i.e. the
strengthening ratio η is greater by the factor 1,42
and 1,47 resp., than in un-notched beams. By CFRP-
strengthening the capacity of notched beams could be
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restored to the level of un-notched beams (97% with
S-plates) or even well above that (127% with H-plates).

These facts are strong indications for a significant
mitigation of the notch effect by CFRP in addition
to the increased cross-section. The CFRP-plates, act-
ing compositely with the cast iron obviously impedes
crack propagation. In terms of fracture mechanics, the
CFRP-plates, glued over a – visible or invisible –
crack, reduce the stress intensity factor by reducing
the relative portion of the crack-affected beam width.

4 MODEL OF BENDING STRENGTH

4.1 On the state of art

Strengthening with CFRP plates has evolved from
strengthening of concrete. For this, mechanical mod-
els, especially for the bond between plate and beam
have been developed, e.g. Neubauer (2000). Regard-
ing the strengthening of steel and light metal structures
with CFRP plates or fabrics, less literature sources
exist e.g., Buyukozturk et al. (1998) report on the effect
of CFRP patches to stop the growth of fatigue cracks in
steel girders. The strength of historic cast iron struc-
tural members was dealt with by Frey & Kaepplein
(1993).

Practical applications of cast iron strengthening
with CFRP-plates are kown from UK, where girders
have been temporarily secured in the London subway,
Barnes (1997). Two historic cast iron bridges have
been permanently strengthened with high-modulus
CFRP-plates, Sika Ltd. (2001).

4.2 Engineering of model

The aim of modeling is the forecast of bending strength
of strengthened historic girders with adequate relia-
bility. Thereby, the existence of defects, cracks, etc.
cannot be precluded. For various reasons already men-
tioned, the strengthening and testing of HG could
not be realized. But, also the theoretical analysis of
the problem seems insurmountable, as its solution
would require a fracture mechanics approach. For that,
however, the necessary pre-requisites are not available.

It was therefore decided, to forecast the bending
strength of NG – strengthened with the more effi-
cient H-plates – on basis of a classical engineering
approach. With the model, the mean strength will be
forecast which then can be compared with the test
results. Provided the comparison is satisfactory, the
bending strength of strengthened HG can be calculated
on basis of the σ–ε lines of historic cast iron.

4.3 Assumptions and pre-suppositions

The tests prove that the strains are linearly distributed
over the height of girder. The stress–strainlines of the

Figure 11. Geometry, notations, strains, stresses and inter-
nal forces of strengthened girder.

historic and new cast iron must be modeled on basis
of tests. Between CFRP plate and girder, rigid bond is
pre-supposed.

Furthermore, it is pre-supposed that the HG are-
in the zone of max M not more severely notched
(cracked) than the NG girder in the bending tests.

4.4 Relationships of model

Figure 11 shows the notations, dimensions, distri-
butions of strains and stresses for the notched and
strengthened girder. The neutral axis x can – for a
chosen set of edge strains – be expressed by:

As the bending strength is to be determined, for the
bottom strain εb the ultimate strain εu or a limit strain
lim εb of the cast iron can be inserted. With that, the
internal forces are (i for cast iron; p for CFRP-plate):

Equilibrium is attained if: FT + FC = 0. The loss of
cross-section caused by the notch is taken into consid-
eration. For the determination of the inner lever arms,
the distances of internal forces from the neutral axis
must be known:
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Figure 12. Stress–strainlines in axial tension for section
analysis.

Table 2. Measured and calculated failure forces.

Meas Fum/
NG no. Notched Strengthened (H) cal Fum

1–3 No No 1.26
8, 13 No Yes 1.04
9, 11, 12 Yes Yes 1.04

In Figure 12 the stress–strain lines in axial tension of
HG and NG are depicted. The stress–strain lines in
axial compression were assumed to be linear with the
virtual secant modulus Ev ≈ 0.9E0i.

With Equations (1) to (6), the bending moment
M(εb) can be derived:

It can be compared with measured moments

with 0.55 m lever arm of support force, Figure 4.
Equations (1) to (8) were evaluated with the stress–

strain lines of NG shown by Figure 12, inserting the
maximum bottom strain associated with the measured
failure force.

4.5 Comparison between measured and computed
ultimate bending moments

In Table 2, the ratios meas Fum/cal Fum are listed.
For strengthening only the results with H-plates are
evaluated.

For the strengthened girders, irrespective of
notches, the model is confirmed by the test results. For
the un-notched and un-strengthened girders, the model
significantly underestimates the observed bending
strength. It is believed, that the stress–strainlines of
Figure 12 – derived from axial tensile tests – under-
estimate the actual tensile capacity of tensile zone
of the girders. Strengthened girders though are much
less affected by this shortcoming, because due to the
composite action between the cast iron and the high-
modulus CFRP-plates, the behaviour of the tensile
zone is less dominated by the cast iron.

4.6 Limit design of CFRP-strengthened historic
cast iron girders

It is pre-supposed that besides the geometrical data of
HG, the mean stress–strain line in axial tension of cast
iron including the scatter of ultimate strain and axial
tensile strength can a priori be assessed (see section
2.1 and Figure 12).

The computation of characteristic bending moment
cal Muk must be based on the limit tensile strain εuk
(5%-quantile value) of bottom fibre of HG. Frey &
Kaepplein (1993) recommend – on basis of compre-
hensive experimental investigations – the value of
lim εuk = 3.5 · 10−3. At this value, the stress–strain
line in tension, as for instance depicted in Figure 12, is
cut-off. The calculation procedure of the characteristic
moment follows section 4.4.

Although shear stress in the adhesive is unlikely to
be relevant for design, it must be proved to be below the
adhesive’s shear strength, given by the manufacturer,
e.g. 18.0 MPa. For girder No. 8, having withstood the
highest load, an adhesive shear stress at bending failure
of 3.35 MPa was calculated.

The admissible moment for service loads can be
determined either with a global safety or with partial
safety factors. This decision is within the realm of the
responsible structural engineer.

5 QUALITY CONTROL OF ON-SITE WORK

The CFRP-plate strengthening technique – although
well established for concrete members – is still quite
novel for historic cast iron. Therefore, besides safe
design, good workmanship together with a rigid qual-
ity control of execution is required. The quality control
concept, elaborated by the Materials Testing Institute
includes

• selection of the most suitable method of surface
preparation from tests, carried out before work
commences, with special regard to protection of
adjoining historic stuccowork etc.

• assignment of works to an experienced contractor
with proven record in CFRP-strengthening
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• use of approved CFRP and adhesive
• continuous control of surface preparation by visual

inspection and adhesion tests
• continuous control of ambient conditions, relevant

for glueing, mainly temperature, humidity, dew
point

• regular control of work during execution
• regular mechanical tests on adhesive specimen,

taken on site
• intermediate and final visual inspection for level-

ness of plates, cleanness etc.

6 CONCLUSIONS

Historic cast iron girders can be strengthened with
CFRP-plates, bonded to the tensile zone. Due to
their greater efficiency high-modulus plates are to be
preferred.

For the assessment of structural safety of historic
cast iron girders in view of current and future loads
and consequently for the diagnosis of strengthening
demand, section analysis, assuming linear distribution
of strains can be applied. The stress–strain line of the
cast iron should – if at all possible – be gained from
carefully extracted small specimens from non-critical
locations. Bending capacity of e.g. girders is then gov-
erned by the ultimate tensile strain. Safety factors for
unstrengthened historic cast iron must take the con-
siderable scatter – especially of its tensile properties –
due to internal notching effects, caused by lamellar
graphite inclusions etc. into account.

Section analysis for strengthening design follows
the above-mentioned classical engineering approach,
assuming rigid bond between cast iron and CFRP.
Material safety factors for strengthened cast iron can
be less conservative than for unstrengthened, because
composite action with stricly elastic CFRP impedes
notch-triggered crack propagation in the cast iron and
therefore mitigates uncertainties and scatter.

Quality control of strengthening works, especially
careful surface preparation, i. e. cleaning and roughen-
ing to ensure unweakened adhesive bond is essential.
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ABSTRACT: CFRP material has been widely used to strengthen concrete structures. There is an increasing
trend of using CFRP in strengthening steel structures. The bond between steel and CFRP is a key issue. Relatively
less work has been done on the bond between CFRP and a curved surface which is often found in tubular structures.
This paper reports a study on the bond between CFRP and steel tubes. A series of tensile tests were conducted
with different bond lengths and number of layers. The types of adhesive and specimen preparation methods
varied in the testing program. High modulus CFRP was used. Tests were carried out to measure the modulus
and tensile strength of CFRP. Strain gages were mounted on different layers of CFRP. The stress distributions
across the layers of the CFRP were established. Models were developed to estimate the maximum load for a
given CFRP arrangement.

1 INTRODUCTION

Carbon fiber reinforced polymer (CFRP) have been
successfully used to strengthen structural elements
made of concrete [Teng et al. 2000]. A limited amount
of research has been conducted on the application of
CFRP to steel structures [Moriarty & Barnes 1998,
Tani et al. 2000, Moy 2001, Miller et al. 2001,
Tavakkolizadeh & Saadatmanesh 2003a,b, Jiao &
Zhao 2004]. Carbon fiber composites, that weigh
approximately one-tenth of what steel does, can be
adhesively bonded, and can have stiffnesses compa-
rable to that of steel. Their high strength-to-weight
ratio has played a significant role in creating interest
in strengthening, repair and rehabilitation of metal-
lic structures [Hollaway & Cadei 2002, Tumialan
et al. 2002, Cederquist 1999]. In addition, their non-
reactive and corrosion resistant properties mean that
the materials can be used in areas where deteriora-
tion from environmental conditions pose a problem
for traditional materials [Andres & Torres-Acosta
2002, Karbhari & Shulley 1995, Tavakkolizadeh &
Saadatmanesh 2001, Bassetti et al. 2000]. Research
has shown the potential of using CFRP overlays
for prolonging the fatigue life of steel sections
[Tavakkolizadeh & Saadatmanesh 2003b, Bassetti
et al. 2000, Sean et al. 2003]. Some research has also
been conducted for steel bridge [Miller et al. 2001,
Liu et al. 2001], steel beams [Nikouka et al. 2002,
Moy 2000], and steel concrete composite structures

[Tavakkolizadeh & Saadatmanesh 2003b,c, Rajan
et al. 2001]. It is important to note that life cycle costs
associated with composite structures become attrac-
tive to owners because of the limited need for con-
tinual maintenance and future rehabilitation. Recently
CFRP was used to strengthen butt welded very high
strength (VHS) tubes [Jiao & Zhao 2004].The strength
reduction in the heat-affected-zone was successfully
recovered using the CFRP technique. However there
is a lack of understanding of the bond characteristics
between CFRP and steel tubes. In the present study
the bond behaviour of CFRP and steel circular tubes is
investigated.

Tensile tests were conducted to measure the mod-
ulus and stress–strain relationship of the CFRP used.
Several tests were carried out to examine the bond
between CFRP and steel tubes. Load transfer and slip
between the top layer and steel tubes are discussed.
The strain distributions across CFRP layers and along
the CFRP length were established. The load carrying
capacity was predicted with reasonable accuracy.

2 MATERIALS

2.1 CFRP

In the present research, MBrace fiber CF530 was
chosen. Mbrace CF530 is so called high modulus
(640 GPa) CFRP as compared with CF130 (240 GPa).
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The specified properties of Mbrace CF530 are listed
in Table 1.

2.2 Adhesives

High strength Araldite 420 adhesive was selected.
Experiments showed that this was a suitable adhesive
for steel structures [Jiao & Zhao 2004].

Table 1. Properties of MBrace CF 530 specified by the
manufacturer.

Carbon – high
Fibre reinforcement modulus

Fibre density 2.1 g/cm3

Fibre modulus 640 GPa
Fibre weight (CF) 400 g/m2

Thickness 0.19 mm
Tensile strength 2650 MPa
Tensile elongation, ultimate 0.4%
Design tensile force 200 kN

@ 0.2% strain/m width
Roll length 50 m
Sheet width 300 mm

Figure 1. Typical test specimen of tensile test.

Table 2. Measured properties of CFRP.

Maximum Maximum
Sample With Length Width Modulus strain εmax stress σmax
ID epoxy (mm) (mm) E (MPa) (microstrain) (MPa)

S1 Yes 400 50 530397 1139 666
S2 Yes 400 50 581250 1921 1130
S3 Yes 400 50 475905 2113 1016
S4 No 400 50 409264 2660 858
S5 No 400 50 449537 1970 698
S6 No 400 50 603962 1148 720

Average 508386 1825 848
COV 0.1505 0.3232 0.2237

2.3 Steel tubes

The steel tubes were provided by One Steel Market
Mills Australia. They are similar to those used in a pre-
vious research project on strengthening butt-welded
tubes [Jiao & Zhao 2004].

3 MEASUREMENT OF MATERIAL
PROPERTIES OF CFRP

Tensile tests were conducted to verify the modulus and
tensile strength specified by the manufacturer. Three
tensile tests were conducted separately for the FRP
with and without epoxy.

The length and width of the specimen were 400 mm
and 50 mm, respectively. At the two ends of CFRP
sample, steel plates were attached to grip the CFRP to
the machine. Two strain gages were fixed on both sides
of the CFRP and positioned at the centre of the sample.
Figure 1 shows the test setup for the tensile test.

The stress vs strain curves are shown in Figure 2.
Measured properties are summarized in Table 2. The
large values of COV reflect possible variations in the
test setup. Tests are being carried out to investigate this
further.
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Figure 2. Stress vs. strain curves.
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4 SPECIMENS FOR BOND TESTING

The first step in sample preparation was the prepara-
tion of steel surface to which the CFRP sheets were
bonded. Surface grinders or sandblasters were used
to remove all rust, paint, and primer from the tube
surface along the bond length and the cross sectional
surfaces where the two tubes were joined together.
Another purpose of using grinder or sandblaster was to
make the surface rough to ensure better bonding. The
cross sectional surfaces of the tubes were then cleaned
using Acetone. Adhesive was then used at these sur-
faces of the tubes to join two tubes. The sample was
cured for one day and postcured for about 24 hours at
a controlled temperature of about 70◦C.

The tube surfaces were cleaned using acetone to
apply adhesives. Thin coat of adhesive was applied
uniformly to the CFRP sheet and on steel tube sur-
faces up to the bond length mentioned in Table 3.
The selection of bond length is based on the findings
by Jiao and Zhao 2004. The findings also suggested
that any anchorage length beyond 65 mm would pro-
duce similar results. Steel tubes were then wrapped
by one layer CFRP sheet. The excess epoxy and air
(if any) were removed using a ribbed roller, apply-
ing it in the direction of the fiber. Sufficient time was
allowed to settle the bonding before adding another
layer to avoid the possible void between two layers.
In this manner, five layers of CFRP were wrapped
on the tubes. The whole specimen was then cured for
at least one week and postcured for about 24 hours
at about 70◦C.

5 BOND TESTS

5.1 Instrumentation

Several ‘student type’ strain gages were attached to
each test specimen. Figures 3(a), (b) and (c) show the
location of each gage. Strain gages were placed at the
short side of the bonded CFRP to capture the longitu-
dinal strain development along the CFRP and the tube.
One strain gage (G1) was placed inside the tube at a
position 20 mm from the joint. The 2nd strain gage
(G2) was placed on the 1st layer of CFRP laminate,
at 20 mm from the joint. The 3rd strain gage (G3) was
placed on the 3rd layer, 20 mm away from the joint.
The 4th strain gage (G4) was applied at the top layer at
the joint of the two tubes. The 5th strain gage (G5) was
applied at the top layer, 20 mm away from the joint. All
other strain gages at the top layer were applied along
the tube at 12 mm distance from each other. The num-
ber of gages used in each sample, thus, depends on the
bond length of that specimen.

LVDT was instrumented to record the relative slip
between CFRP and steel. String pot was placed to mea-
sure the gross vertical movement of the tube. Crack

Figure 3(a). Location of strain gages.

Figure 3(b). Detail-A of Figure 3(a).

Figure 3(c). Typical specimen with strain gages.

propagation in CFRP was recorded by a high speed
video recorder.

5.2 Test setup and test procedure

Each tube was loaded in a Baldwin Universal Testing
machine as shown in Figure 4, at a loading rate of
2.0 mm/min and 500 kN load range.The test procedure
consisted of applying increasing tensile loads to the
specimen and recording the accompanying strain data.
The test was continued until failure of the specimen.

6 TEST RESULTS

The failure modes and ultimate loads obtained in the
tests are presented in Table 3 where t is the tube thick-
ness. The failed specimens are shown in Figure 5.
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Figure 4. Test setup for steel tube wrapped with CFRP under
tensile loading.

Table 3. Test results.

Specimen D t l1 l2 Pu Failure
label (mm) (mm) (mm) (mm) (kN) mode

M1 38.24 1.84 85 150 84.9 Fiber break
M2 38.22 1.83 75 150 42.2 Fiber break &

adhesive
failure

M3 38.30 1.79 65 150 74.1 Fiber break
M4 38.10 1.60 62 112 77.5 Fiber break
M5 38.27 1.74 50 100 67.3 Fiber break

Figure 5. Typical failure mode of test specimen.

Specimen M2 shows different failure mode from other
specimens. Fiber break failure together with adhesive
failure were observed in this specimen. This specimen
failed at much lower load than other specimen. It is
believed that when part of the adhesive failed, prob-
ably because of improper wrapping, then the CFRP
couldn’t hold the rest of the load and failed by fiber
break at a lower load.This phenomena clearly indicates
that preparation of specimen is very much important
in CFRP bonding as it can influence the ultimate bond
strength.
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7 LOAD TRANSFER

The rehabilitation/repair or strengthening scheme, to
a great extent, depends upon load transfer. From the
strain distribution profiles the evolution of the load
transfer process can be determined. Load is transfer-
ring from steel to the CFRP first layer then the CFRP
second layer up to the top layer. Thus, there is load
sharing between CFRP and steel. The dominant fail-
ure mode observed here is ‘fiber break failure’. For a
typical test, the strain readings at different load level
recorded by different strain gages through the layers
of CFRP are shown in Figure 6. In the case of G3 and
G5 the whole fibre did not break or tear at once. When
a portion of the fibre was broken, the remaining por-
tion of fiber carried the additional load before the final
failure. Figure 6 shows that when load is transferred
to the remaining portion of the CFRP, strain on these
fibres increased significantly.

G1 and G3 show almost identical strain distribu-
tion before failure starts. In the case of G1, the gage
installed on the steel tube, the strain reading after fail-
ure is different from the strain reading G3 and G5,
gages installed on CFRP. In G1, the strain decreases
rapidly during failure, because, unlike CFRP, there is
no additional fibre to carry the load. The strain pattern
before failure in G5 is different from that of G1 and
G3. The strain pattern of G5 before failure shown in
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Figure 9. Non-dimensional strain versus CFRP layer
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figure is mainly because of slip between the top layer
and the steel tube, as can be seen in Figure 7. That’s
why the top layer reading is lower than the inside layer
reading. The strain distributions are as used later in the
paper. Whether the same results could have been estab-
lished by using flat steel plates with CFRP bonding is
under investigation at present.

8 STRAIN DISTRIBUTION

8.1 Distribution across layers

One of the main objectives of this study is to determine
the distribution of strain across the CFRP layers and
also along the CFRP. To perform this task, strain was
measured at 1st (bottom), 2nd, 3rd and 5th (top) layer
of CFRP (G1, G2, G3 and G5) at same location away
from the joint. Strain was also measured at different
locations away from the joint on top layer (G4, G5,
G6, G7 and G8). The strain gage locations are shown
in Figures 3(a) (b) & (c).

Figure 8 shows the variation of strain at different
CFRP layers under different load ratio. The load ratio
is defined as ratio of applied load to the maximum load
achieved in the text. Figure 8 is based on the average
strain readings of all specimens. There is a general
trend of decreasing in strain from the bottom layer to
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Figure 10. Distribution of strain at top layer at different load
level.

the top layer. The trend is very much the same for all
load ratios. In order to derive an expression of strain in
terms of layer numbers, non-dimensional strains (ε/ε1
where ε1 is the strain in layer one) are plotted against
layer numbers in Figure 9. A regression line can be
determined using Excel as shown in Figure 9 where
y refers to the vertical axis and x represents the hor-
izontal axis. This regression expression is simplified
in this paper to the following equation:

where i is the layer number (i = 1, 2, 3, 4, or 5), εi is
the strain in the ith layer.

8.2 Distribution along CFRP

To study the distribution of strain along the length
of CFRP, strain at different distances away from the
joint in the top layer is shown in Figure 10. Similar
to Figure 8 the strain distribution is plotted at differ-
ent load levels. It is clear from the figure that strain
generally decreases with the distance away from the
joint. The decreasing trend do not seem to be con-
sistent because the reading in gage G7 located about
44 mm away from the joint is higher than that in G6
located about 32 mm away from the joint. More tests
are needed in order to obtain a reliable expression of
strain distribution along CFRP length.

9 LOAD CARRYING CAPACITY

9.1 Stress distribution at the ultimate state

The strain at the ultimate state can be expressed as:

where εi,u is the ultimate strain in the ith layer, ε1,u is
the ultimate strain in the first (bottom) layer.
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Table 4. Comparison of load carrying capacity.

Specimen Pu Pp
label (kN) (kN) Pp/Pu

M1 84.9 75.7 0.891
M3 74.1 75.8 1.023
M4 77.5 75.4 0.973
M5 67.3 75.7 1.125

Mean 1.003
COV 0.098

The corresponding stress in the ith layer can be
written as:

where E is the modulus of CFRP.

9.2 Load carrying capacity

The load carried by each CFRP layer (Pi) can be calcu-
lated as the product of the area of that layer (Ai) and the
ultimate stress in that layer (σi,u). The total predicted
load carrying capacity (Pp) can be written as:

The value of ε1,u is taken as the maximum strain (2113
microstrain) obtained in the tensile test of CFRP with
epoxy given in Table 2. The corresponding modulus of
457,905 MPa is taken as E in the calculation of Pp in
this paper.

The predicted load carrying capacity is listed in
Table 4 where specimen M2 is not included due to a pre-
mature failure. The predicted values are compared in
Table 4 with experimental ultimate load (Pu). A mean
ratio (Pp/Pu) of 1.003 is achieved with a coefficient of
variation (COV) of 0.098.

10 CONCLUSIONS

The following conclusions and observations are made
based on the limited test results.

1. The average measured modulus of CFRP was
found to be 508 GPa which is slightly lower than
the manufacturer specified modulus 640 GPa. The
measured tensile strength of CFRP was found to be
significantly less than 2650 MPa specified by the
manufacturer.

2. The dominant failure mode observed in the CFRP
bond test was fiber break failure. The method of
specimen preparation was found to be important.

3. The slip between the top layer and steel tubes might
be the reason for non-uniform strain distribution
among the layers.

4. The strain distribution across the layers was estab-
lished as shown in Eq. (1).

5. The strain was found to generally decrease along
the CFRP length away from the joint.

6. The estimated load carrying capacity was found
to be in close agreement with that obtained
experimentally.
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An ultra-high modulus carbon/glass fibre composite system for structural
upgrading of steel members
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ABSTRACT: The paper discusses the stress analysis of the flexural strengthening of an artificially degraded
steel member by utilising a hybrid ultra high-modulus carbon fibre/glass fibre/epoxy composite prepreg; this
system is compared with one utilising a hybrid high-modulus carbon fibre/glass fibre/epoxy composite prepreg.
The fabrication technique involves the hybrid composites being formed as a U-shaped unit bonded to the tensile
region of the steel member by a compatible film adhesive; this fabrication technique is also compared with a plate
system formed from a hybrid ultra-high modulus carbon fibre/glass fibre/epoxy composite prepreg and bonded
to the soffit of the beam. The tests were carefully monitored, up to failure, in terms of strains and deflections at
strategic positions. These critical values have been compared with those of a linear and non-linear finite-element
analysis. It has been shown that there is a decided advantage in encapsulating a part of the beam’s web with the
glass fibre component of the hybrid composite as it is then possible to increase the steel strain to twice its yield
value before failure of the ultra-high modulus carbon fibre composite, without any severe adhesive shear strains
developing at the composite/steel interfaces.

1 INTRODUCTION

There are many steel bridge structures throughout
Europe which are in need of (i) rehabilitation due to
either corrosion, fatigue or lack of proper maintenance
or (ii) upgrading due to a change in loading require-
ments. A repair and a retrofit option should be consid-
ered before a decision is made to replace a bridge; the
cost for the former is far less than that for the latter, and
usually requires less time. The traditional procedure
for upgrading a steel member is to attach steel plates
to it through bolting or welding but there are some dis-
advantages to this method; (i) the procedure is labour
intensive and time consuming, (ii) it requires drilling
and extensive lap splice detailing, (iii) there is a poten-
tial for weld fatigue cracking at the cover plate ends,
(iv) traffic management would be required and there
could be possible traffic delays and bridge closures,
(v) an increased dead weight will act on the structure.
Therefore, the need to adopt new materials, fabrication
techniques and cost effective methods is evident.

Advanced polymer composites (APCs) are arguably
the newest material to enter the construction industry
but its utilisation is growing rapidly. The most highly
developed application to date is the repair and upgrad-
ing of reinforced concrete (RC) bridge beams and slabs
utilising the plate bonding technique. Currently, only
a small number of metallic structures, compared with
RC ones, have been upgraded using composite materi-
als.The superior mechanical and physical properties of

fibre reinforced polymer (FRP) makes them excellent
candidates for repair and rehabilitation of steel bridges,
particularly the carbon fibre reinforced polymer com-
posites (CFRP). However, it is necessary to consider:
(i)The type of carbon fibre to be used, ranging from the
high modulus to the ultra high modulus fibre, to form
the composite; (ii) the type of adhesive to be used,
and (iii) the degree, if any, of encapsulation that the
CFRP composite should afford to the steel member to
ensure that early adhesive failure, particularly end de-
bonding, does not occur. It should be mentioned that
the high stiffness carbon fibre has a lower modulus
of elasticity value compared to steel (typically about
60–70%) whereas the ultra-high stiffness carbon fibre,
which can have a modulus value of up to twice that of
steel, has a low ultimate strain, typically 0.4%.

There are three methods for the manufacture of
CFRP composite plates for the rehabilitation of steel
members, these are: (i) the pultrusion technique,
(ii) the pre-pregnated fibre with a resin matrix
(prepreg), (iii) the vacuum assisted resin transfer pro-
cess. The majority of strengthening applications using
CFRP composites employs the pultrusion system,
which is a pre-formed plate, bonded to the soffit of
the steel beam. The advantage of utilising a prepreg
or a vacuum assisted resin transfer process is that the
steel beam can be wrapped with a designed composite
lay-up irrespective of its geometrical shape. There are
two added advantages in the use of the prepreg material
over that of the resin transfer system, these are: (i) The
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matrix material may be combined with the fibre in the
factory under ideal conditions, consequently there is
much less site work to perform, (ii) The prepreg mate-
rial may be bonded to the steel beam by means of a
compatible film adhesive which is cured at the same
time as the prepreg material.

This paper will describe and compare the effec-
tiveness of two methods of fabrication for flexural
upgrading a steel beam using an ultra high and a high
modulus carbon fibre/epoxy composite prepreg; both
composite materials were developed specifically for
the construction industry. Of particular interest will
be their capacity for strengthening steel girders to
improve the latter’s ultimate load carrying capacity
and their stiffness before and after yield of the steel.
The fabrication systems consist of (i) a partial encap-
sulation of the beam by the prepreg, which is bonded
to the steel beam by a compatible film adhesive and
(ii) a prepreg forming a plate only bonded to the soffit
of the beam with the compatible film adhesive.

It should be noted that the definition of Strengthen-
ing metallic structures has been given in the CIRIA,
RP 645 (2004) as a generic term to describe all appli-
cations of externally-bonded strengthening, including
stiffening or repairing a structure, extending its life or
increasing its load capacity.

2 PREVIOUS WORK ON REHABILITATION
OF STEEL STRUCTURES USING
COMPOSITES

Only a limited number of research papers have been
published, these include Mertz & Gillesbie 1996,
Mosallam & Chakrabarti 1997, Lui et al. 2001, Hill
et al. 1999, Moy et al. 1999, Tavakkolizadeh &
Saadatmanesh 2003a, b, Photiou et al. 2004a; in
addition, two design guides have been published in the
UK, ICE (2001) and CIRIA RP 645 (2004). Neverthe-
less, the high tensile strength and modulus of elasticity
of CFRP composites make them ideal candidates for
upgrading steel structures, although it is necessary to
appreciate the possible limitations of their mechanical
properties, their interaction with the steel substrate and
their long term behavior in harsh environments. It is
thus important to investigate the best possible combi-
nation of CFRP and adhesive, in terms of stiffness and
strength criteria but also in terms of ease and reliability
of manufacturing as well durability.

One of the earliest studies of utilising CFRP
composites for upgrading a steel-concrete compos-
ite bridge was conducted at the University of South
Florida (Sen & Libby 1994). A total of six number 6 m
long steel-concrete composite beams, comprising steel
sections and 711 mm wide by 115 mm thick concrete
slabs under four-point bending. The CFRP sheets were
3.65 m long and 150 mm wide; two sheets of thickness

2 and 5 mm were used. It was reported that the addition
of CFRP laminates improved the ultimate capacity of
the composite beam by up to 50%.

At the University of Delaware, Mertz & Gillespie
(1996) investigated the advantages of using advanced
composite materials for the rehabilitation of dete-
riorated bridges. A series of small-scale tests were
performed on eight 1.5 m long steel beams using five
different retrofitting schemes: they reported a 60%
increase in the use of CFRP systems. In addition,
they showed a 25% increase in stiffness and a 100%
increase in the ultimate load-carrying capacity of two
6.4 m long corroded steel girders. The beams were of
a typical American Standard I-shape section of depth
610 mm and 230 mm width flange.

Tavakkolizadeh & Saadatmanesh (2003a) have
presented the results of an experimental and analyt-
ical study on the behavior of steel-concrete gird-
ers strengthened with CFRP sheets. The test results
showed that the epoxy-bonded CFRP sheet increased
the ultimate load-carrying capacity of the girders by up
to 75%, though the effect on stiffness was not signif-
icant. The final failure mode was concrete crushing,
although one girder failed by premature debonding of
two of the three CFRP layers. An analytical model of
the moment–curvature response was also developed
and was shown to provide conservative predictions
compared to the test results. The study was further
extended (Tavakkolizadeh & Saadatmanesh 2003b)
to investigate the fatigue response of retrofitted steel
girders.

In these studies, the CFRP composites used had
a modulus of between 120 and 140 GPa, and a fail-
ure strain well over 1.5%. The adhesives used were
two-part epoxies, usually selected on the recommen-
dation of the CFRP manufacturer. Typically, the CFRP
plate was fitted to the underside of the tension flange,
where from a theoretical point of view it would pro-
vide maximum contribution to the bending stiffness
and strength.

3 SCOPE OF PRESENT INVESTIGATION

So far, three beam tests have been undertaken in the
present study. The objective was to compare the effec-
tiveness of two carbon fibre polymer prepregs and
two possible fit-ups. Specifically, an ultra-high stiff-
ness carbon fibre/polymer (CFRP) U-shaped hybrid
composite prepreg system (Beam 1) was compared
to a high stiffness CFRP U-shaped hybrid compos-
ite prepreg system (Beam 2). The effect of alternative
fit-ups was investigated by comparing the former
(Beam 1) to an ultra-high stiffness CFRP hybrid com-
posite system bonded to the soffit of the steel beam
only (Beam 3). Given the number of parameters and
their possible variation the tests are then simulated
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numerically through the development of a non-linear
finite element model, which, subject to validation, can
be used in wider parametric studies.

4 MATERIALS AND SPECIMEN
PREPARATION

4.1 Prepregs

CFRP composites are corrosion resistant, but if
they are in contact with metals, galvanic interaction
between the two materials could take place if an
exposed carbon fibre were to touch the metal. In addi-
tion, to aid a uniform stress transfer from the steel to
the CFRP, a layer of glass fibre composite was placed
between the metal and the carbon composite to pre-
vent direct contact between the two materials. This
enabled an examination of the actual bonding mecha-
nism between the glass fibre composite/steel interface
to be made. The effectiveness of stress transfer when
using a GFRP composite between the steel and CFRP
composite adherends under a direct tension situation
has been discussed in Photiou et al. (2004b).

The two types of carbon fibre/polymer composite
prepreg materials and the glass fibre/polymer com-
posite used in this investigation were manufactured
by ACG (Advanced Composites Group Ltd., Heanor
Gate Industrial Estate, Derbyshire, DE76 7SI). The
matrix resin system and the adhesive film, whose typ-
ical thickness is about 110–120 microns, were made
from a low temperature curing resin system (cure tem-
perature 65◦C); this is a relatively low temperature and
can be readily accommodated on site by using a heated
enclosure.

The CFRP composite material used in the inves-
tigation was made from two double laminate layers,
comprised of unidirectional carbon fibre prepregs.
Inter-leaved with these laminate layers were three sin-
gle GFRP laminate layers each made from ±45◦ fibre
prepregs positioned along the longitudinal direction
of the beam. The overall lengths of the three types of
CFRP prepregs were identical and measured 1600 mm.
The width of the CFRP composite was 70 mm for
Beams 1 and 2; this virtually covered the flange of
the steel section with the exception of the curved cor-
ners. The width of the CFRP composite was 60 mm for
Beam 3. The developed width of the GFRP prepregs
was 210 mm, as these extended up the sides of the
beam to its centroidal height; it is noted that no CFRP
laminates were placed in the webs of the beam. It was
anticipated that the U-shaped GFRP composite unit
would prevent a peel failure at the free end of the rein-
forcement or a peel failure following a strain failure of
the carbon fibre composite. In Beams 1 and 3, an ultra-
high stiffness CFRP was used, each layer being 0.3 mm
thick. For Beam 2, a high modulus CFRP was used,
each layer being 0.6 mm thick. Table 1 gives tensile

Table 1. Mechanical properties of the composite strength-
ening system.

Max. Max. Modulus of
Spec. stress axial elasticity Poisson
No. (MPa) strain (GPa) ratio

2-Layer 01 2083.6 16383.0 136.0
(high CFRP) 02 2124.8 16130.0 132.0
t = 1.2 mm 03 2119.5 15239.0 138.0

Average 2109.3 15917.0 135.3 0.28

4-Layer 01 956.4 3616.0 261.5
(ultra CFRP) 02 1269.2 4615.2 279.5
t = 1.2 mm 03 1136.8 4286.3 269.2

Average 1120.8 4172.5 270.1 0.32

2-Layer 01 202.9 16298.9 17.8
(high GFRP) 02 218.6 17666.5 15.5
t = 0.8 mm 03 224.3 18217.6 15.6

Average 215.2 17394.3 16.3 0.15

Adhesive film 32.0 8600.0 3.7 0.37
t = 0.1 mm

t = the thickness of the specimen.

stress–strain characteristics for both the CFRP and the
GFRP prepregs, obtained from tension coupon tests.

4.2 Steel beams

The first operation in the test programme consisted of
cutting the hollow steel sections, 120 mm × 80 mm,
to a length of 1800 mm and machining 2.5 mm thick-
ness of material off the flange to simulate a degraded
beam. Multiple low speed passes performed this oper-
ation, in order to minimise distortions induced by heat
input and residual stress release. The corners between
the flange and web faces were rounded to a radius of
10 mm. Subsequently, all exposed surfaces of the rect-
angular shaped hollow section steel beams were grit
blasted to the Swedish Code SA 2 1/2 Grade 3 Dirk
grit. Immediately before applying the adhesive film,
the surface of the steel was solvent degreased using
acetone to remove any contaminant materials. Small
tension specimens were cut from the main beam sec-
tion and tension tests were undertaken to determine
the mechanical characteristics of the steel. The aver-
age values were 375 MPa for 0.2% proof strength,
205 GPa for the modulus of elasticity and 0.3 for the
Poisson ratio.

4.3 Beam upgrading process

The hybrid composite laminates including the adhe-
sive film were cut to size and were stacked onto the
soffit surface of the steel beam as follows, (a) the adhe-
sive film, (b) a single glass fibre laminate, (c) one
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Figure 1a. Schematic diagram of a rectangular hollow
cross-section ultra and high modulus CFRP, also showing
strain gauge positions (not to scale).

Figure 1b. Schematic diagram of the stacking sequence of
the FRP composite components (not to scale).

double laminate of carbon fibre, (d) a single glass fibre
laminate, (e) the other double layer carbon fibre, and
(f) another single glass fibre laminate. Between items
(c) and (d) the system was de-baulked. At the end of
the laying-up procedure a halar film and breather blan-
ket covered the beam and the whole unit was placed in
a vacuum bag. The bag, under vacuum assisted pres-
sure of 1 atm., was transferred to an oven at 65◦C
for 16 hours. After curing, the temperature of the
oven and sample were reduced to room temperature
at a steady rate. The beam was then ready for testing.
Figures 1a and 1b show the stacking sequence of the
FRP composite system on the steel beams.

5 TEST PROCEDURE

The beams were placed on to the test rig on a span of
1700 mm. The two external loads were positioned at a
distance of 200 mm on either side of the centre line of
the beam. Strain gauges were bonded at strategic posi-
tions on both sides of the beams at mid-span and down
the depth of the beams. The test arrangement is shown
in Figure 2. Two displacement transducers were placed

Figure 2. Test arrangement for beam tests.

on either side of the beam at mid-span to determine the
deflections and to indicate any inconsistency in these
readings. Displacement transducers were also placed
at the two external load positions to determine the
curvature of the beams over the pure moment region.
A series of four cyclic loading increments were applied
to a value one eighth of the estimated failure load
before the beams were taken to failure; the load
increments were 1 kN.

6 SUMMARY OF TEST RESULTS

The maximum load on Beam 1, reached immediately
before failure, was 46 kN per jack and was concen-
trated in the CFRP composite within the pure moment
region, this was equivalent to an ultimate strain of
about 0.4%, which corresponds to the failure strain
of the ultra-high stiffness CFRP. At this point there
was no apparent bond failure between the composite
and the steel members on either side of the failed sec-
tion, therefore, complete composite action still existed
between the two components, apart from the loca-
tion of the failed section. Figure 3 shows the average
load per jack versus average deflection response of the
strengthened beam and the non-linear response can
be observed from about 23 kN; this corresponds to
the bottom region of the steel beam commencing to
exhibit softening characteristics due to yielding. The
central deflection at this point was 8 mm. As can be
seen, the load increased to almost twice this value
before failure of the CFRP composite, at this point
the central deflection was 24 mm. In fact, the ultimate
load of the artificially degraded CFRP-strengthened
beam reached the theoretical plastic collapse load
corresponding to the full steel beam section. As men-
tioned above, the tension flange of the original steel
beam had been reduced by 50% (from 5 mm thick
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Figure 4. Load–strain response of the strengthened Beam 1.

to 2.5 mm) to represent a degraded beam. Hence,
this test demonstrated the ability of the CFRP/GFRP
composite prepreg system to restore the full bending
capacity of the steel beam. On removing the loads the
permanent deflection was 12 mm.

Beam 2, strengthened with a U-shaped high stiff-
ness CFRP, displayed a ductile response up until the
maximum load and beyond. The steel reached its 0.2%
proof stress at a load of 23 kN per jack and at a deflec-
tion of 8 mm. The beam continued to deform under the
application of an increasing load to a value of 50 kN per
jack, at which point the test was stopped due to exces-
sive deflection at the centre of the beam; the deflection
value at this maximum load was 42 mm. Figure 3
shows the average load per jack versus average central
deflection. As the strain in the CFRP composite had
not reached its ultimate value of about 1.7% no failure

0.0

10.0

20.0

30.0

40.0

50.0

60.0

-9000 -6000 -3000 0 3000 6000 9000
Strain

A
ve

ra
ge

 L
oa

d 
C

h 
1,

 2
 (

kN
)

Experimental
Top Cycle 1

Experimental
Bottom Cycle 1

Figure 5. Load–strain response of the strengthened Beam 2.
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Figure 6. Load–strain response of the strengthened Beam 3.

of the composite occurred. Clearly, this case, the max-
imum load was in excess of the full plastic collapse
load of the original steel beam, and the ductility of the
beam was not impaired, at least not up to the deflection
level reached in the test. On unloading the beam, the
permanent deflection was 26.3 mm.

The failure load of Beam 3 was almost identical
to that of Beam 1, i.e. the beam collapsed when the
ultimate strain of the CFRP composite reached a value
of about 0.4%, Furthermore, the load–deflection path
followed a similar pattern to that of Beam 1, as can be
seen from Figure 3. At failure, there was a complete
de-bonding of the composite system from the soffit
of the steel beam. Thus, unlike Beam 1, after failure
no residual composite action between the CFRP and
steel beam remained. On unloading, the permanent
deflection was 13 mm.

Figures 4–6 present typical load–strain responses
for the three beams, whereas Figures 7–9 show the
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Figure 8. Strain distribution response of the strengthened
Beam 2.

strain distribution across the depth of the section at
the centre of the beam. The results confirm the obser-
vations made above regarding the non-linearity of the
response and the type of final failure reached in each
of the three beams.

7 NUMERICAL STUDY

The next phase of the current investigation involves
the development of a finite element model to simulate
the physical tests. A model has been set up using the
commercial software package ABAQUS Version 6.3
(2002). The model uses 20 node brick, reduced inte-
gration elements (C3D20R) to model all the parts of
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Figure 9. Strain distribution response of the strengthened
Beam 3.

Figure 10. A complete view of the model.

the strengthened beam. Both geometric and material
non-linearities are included, the latter being only in the
material characteristic of the steel. Both adhesive and
FRP materials are modelled through a linear elastic
stress–strain curve. Although more efficient elements
could have been used for the steel and FRP materials,
it was decided to use the same type for all parts, in
order to mitigate the risk of compatibility problems.
A view of the complete model is shown in Figure 10.
The whole length of the beam is modelled in order
to simulate as closely as possible the actual bound-
ary conditions of the beam (U2 = 0, U3 = 0 LHS and
U2 = 0 RHS). It is also envisaged that the same model
could then be used in cases where partial debonding
(say, on one side) needs to be investigated. Numer-
ical analysis has so far been undertaken for Beam
1 only. Initial results are shown for load–deflection
in Figure 3 and for load–strain in Figure 4. Further-
more, the predicted strain distribution across the depth
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of the cross-section is shown in Figure 7. As can be
seen, the FE model is able to reproduce the trends
observed in the experiments, both in terms of over-
all characteristics (i.e. load–deflection) and in terms
of local response (i.e. load–strain at the bottom of the
section in the middle of the beam). The strain distribu-
tion across the depth is also in reasonable agreement,
especially in the linear range. However, discrepan-
cies are also apparent, for example in beam stiffness
(Fig. 3), and in the strain distribution during non-
linear response (Fig. 7). These could be attributed to
(i) unavoidable rig flexibilities and (ii) the effect of
thermal stresses induced during the curing of the com-
posite system. Further work is currently under way to
improve the correlation between numerical predictions
and experimental measurements.

8 CONCLUSIONS

This paper has presented two different hybrid prepreg
composite systems for the flexural stiffening of a
closed section steel beam. The hybrid systems con-
sist of ultra-high modulus CFRP and high-modulus
CFRP, both composites being interleaved with GFRP
prepregs and the whole bonded to individual steel
beams. (These beams are referred to as Beams 1 and 2.)
Two different fabrication methods were employed, the
first one used U-shaped hybrid composites, which
were bonded to the tension sides of Beams 1 and 2,
and in the other method the ultra-high modulus
CFRP/GFRP hybrid composite flat plate was bonded
to the soffit of the Beam 3. A compatible adhesive
film was used to bond the hybrid composites to the
steel section during the final stages of curing the
composites at an elevated temperature.The beam load-
ing arrangement consisted of a four point loads on a
span of 1700 mm.

Within the linear range of the experimental load-
ing tests undertaken on the three beams, there is close
agreement with the value of the stiffness and the strain
distributions of the rehabilitated beams.

Within the non-linear range of the beam, upgraded
with U-shaped ultra-high stiffness CFRP/GFRP com-
posite (Beam 1), the carbon fibre reached its ultimate
strain at a total load of 46 kN per jack; there was no
apparent bond failure between the composite and the
steel member on either side of the fracture point. The
maximum load reached was 92% of the defined fail-
ure load of Beam 2. The latter beam continued to take
more load up to a maximum value of 50 kN per jack
when the test was stopped due to excessive deflection
of the beam; at this point the ultimate strain of 1.7% of
the high modulus carbon fibre had not been reached.

Beam 3, which had the ultra-high stiffness CFRP/
GFRP hybrid composite prepreg bonded to the soffit of
the beam only, failed in a similar way to that of Beam 1.

At the ultimate strain of the carbon fibre of 0.4%, the
composite plate failed and there was a complete de-
bond of the hybrid composite system from the steel
beam.

From the results of Beams 1 and 3, it is clear that
the area geometry of the upgrading material does not
affect the ultimate load that the upgraded beam is able
to support; this is governed by the ultimate strain of
the carbon fibre. However at post failure, the U-shaped
composite has the advantage of continuing to support
the full load once the bond length from the failure
region has been fully developed; this situation does
not exist for the soffit plate.

The finite element analysis is able to reproduce the
trends observed in the experiments, in both load–strain
and load–deflection responses and are in reasonable
agreement in the linear range. The discrepancies,
between the two techniques in the non-linear regions,
which have already been mentioned in the paper, are
currently being investigated.

It will be realised that, unlike concrete upgrad-
ing, the peel stresses developed at the free ends of
a composite plate bonded to a steel adherend are not
a serious concern provided sufficient bond length is
developed. What must be realised is the complete
de-bond of the soffit bonded composite system at the
carbon fibre failure. It has been shown this de-bond can
be prevented by using a U-shaped upgrade to cover the
tensile region of the steel beam.
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Suppression of local buckling in steel tubes by FRP jacketing

J.G. Teng & Y.M. Hu
Department of Civil and Structural Engineering, The Hong Kong Polytechnic University, Hong Kong, China

ABSTRACT: Circular steel tubes are widely used in many structural forms and local buckling in the elephant’s
foot mode can occur when they are subject to axial compression alone or in combination with monotonic or
cyclic lateral loading. The appearance of this inelastic local buckling mode, generally near the ends of a uniform-
thickness tube, signifies not only the exhaustion of the load-carrying capacity but also the end of ductile response.
To delay or prevent the appearance of this local buckling mode, external confinement by an FRP jacket is proposed
in this paper and demonstrated to be effective through a series of exploratory axial compression tests on circular
steel tubes. The test results show conclusively that even with the provision of a thin FRP jacket, the ductility of
the steel tube can be greatly enhanced, so FRP confinement provides an effective means to enhance the ductility
of circular steel tubes in both retrofitting applications and new construction. The test results also show that the
enhancement in the ultimate load is limited, which is desirable in seismic retrofit so that the retrofitted tube will
not attract forces that are so high that adjacent members may be put in danger. It is worth noting that the same
benefit can be expected when FRP confinement is used in much thinner shells (e.g. liquid storage tanks and
silos) to delay/prevent failure in the elephant’s foot buckling mode when subject to combined axial compression
and internal pressure.

1 INTRODUCTION

Over the past decade, fiber-reinforced polymer (FRP)
has gained wide acceptance as a new structural mate-
rial. In particular, many possibilities of combining
FRP and concrete in structural applications have
been explored, including the external bonding of
FRP to concrete structures for the enhancement of
strength and ductility, concrete structures reinforced
or prestressed with FRP, concrete-filled FRP tubes as
columns and piles as well as FRP-concrete composite
beams/bridge decks (Teng et al. 2002, 2003, Hollaway
2003, Mufti 2003,Van Den Einde and Seible 2003). By
contrast, much less has been explored about possible
combinations of FRP with steel in structural applica-
tions, although a significant amount of research exists
on the external bonding of FRP to steel/metallic mem-
bers for flexural strengthening purposes (Hollaway
2002). This paper presents the results of a series of
exploratory axial compression tests on circular steel
tubes confined with an FRP jacket. It is well known
that FRP confinement can lead to significant enhance-
ment in the strength and strain capacity of axially
compressed concrete, and this study shows that a simi-
lar benefit exists when an FRP jacket is used to confine
a steel tube to prevent/delay the appearance of the
well-known elephant’s foot buckling mode.

2 RESEARCH SIGNIFICANCE

There is a great potential for the application of FRP
jacketing to steel tubes and shells in both retrofitting
and new construction. For example, in the 1995 Kobe
earthquake in Japan, many circular steel bridge piers
failed by local buckling in the elephant’s foot buck-
ling mode when they were subject to cyclic lateral
loads in addition to axial compression (Usami and
Ge 2000). The ductility of these steel bridge piers
can be greatly enhanced by the external wrapping of
FRP in regions near the base. Hollow circular tubes
in other applications which may suffer local buckling
failures (e.g. Elchalakani et al. 2002, 2004) can bene-
fit similarly from FRP wrapping. A recent proposal
for the construction of concrete-filled steel tubular
columns is to confine the end portions using FRP jack-
ets (Xiao 2004), which is another example of FRP
confinement of steel tubes. Here, by providing an
FRP jacket, the steel tube is prevented from deform-
ing inwards by the concrete core and outwards by
the FRP jacket and the ductility of the steel tube can
be greatly enhanced. The above discussion relates to
circular tubes but rectangular tubes can also bene-
fit from FRP jacketing although the effectiveness is
expected to be significantly reduced.This is analogous
to the FRP confinement of concrete columns where the
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effectiveness of confinement is significantly reduced
if the section is non-circular.

The idea of FRP jacketing of circular steel tubes can
be extended to circular cylindrical shells (or even shells
of revolution) in general if the elephant’s foot buckling
mode is the critical failure mode. It is well known that
large thin steel cylindrical shells such as liquid storage
tanks and steel silos for storage of bulk solids may fail
in the elephant’s foot buckling mode when subject to
the combined action of axial compression and internal
pressure (Rotter 1990). Many such failures have been
observed during earthquakes. For such steel cylindri-
cal shells, FRP confinement provides an almost ideal
method of retrofitting and may also become a standard
feature of new tank/silo designs.

3 EXPERIMENTAL DETAILS

3.1 Specimens

To demonstrate the effect of FRP confinement of steel
tubes, four steel tubes with or without an FRP jacket
were recently tested at The Hong Kong Polytechnic
University in an exploratory study.The four tubes were
cut from a single long tube and their details are shown
in Table 1.

One of the tubes (tube ST1) was tested as a bare steel
tube (without FRP jacketing), while the other three
tubes (tubes ST2, ST3 and ST4) were each provided
with an FRP jacket with a different number of plies
(Table 1). The FRP jacket was formed in a wet lay-
up process, and each ply consisted of a single lap of
a glass fibre sheet impregnated with epoxy resin. For
each steel tube, two continuous glass fibre sheets were
used without any vertical overlap as the width of the
fibre sheets was smaller than the height of the tube.
Each continuous glass fibre sheet was wrapped around
the steel tube to form a jacket with the required number
of plies, with its finishing end overlapping its starting
end by 150 mm to ensure circumferential continuity.
Before the wrapping of FRP, the surface of the steel
tube was appropriately cleaned.

Steel coupon tests were conducted to obtain the
tensile properties of the steel. The coupons for the
tensile tests were cut from the same long steel tube
directly (Fig. 2) and details of test coupons are given
inTable 2.Two 8 mm strain gauges were attached to the

Table 1. Specimen details.

Tube specimen ST1 ST2 ST3 ST4

Outer diameter (mm) 165 166 165 165
Length (mm) 450 450 450 450
Tube thickness (mm) 4.2 4.2 4.2 4.2
FRP jacket thickness NA 1 ply 2 plies 3 plies

two sides of each coupon respectively at the mid-length
to measure strains during the tensile test.

The tensile tests showed that the steel had aYoung’s
modulus of 206.0 GPa, a yield stress of 338.6 MPa
with a long plastic plateau and an ultimate elonga-
tion of 0.347. The FRP used had a nominal thickness
of 0.17 mm, aYoung’s modulus of 76 GPa and a tensile
strength of 2,300 MPa based on the nominal thickness,
according to data supplied by the manufacturer.

3.2 Instrumentation and loading

For the bare steel tube, four unidirectional strain
gauges with a gauge length of 8 mm were installed

Figure 1. Steel tube confined with an FRP jacket.

Figure 2. Coupons for tensile tests.

Table 2. Details of coupons for tensile tests.

Test coupon CT1 CT2 CT3 CT4

Thickness (mm) 4.22 4.24 4.19 4.20
Average width b (mm) 12.10 12.12 12.01 12.20
Cross-sectional area 51.06 51.39 50.32 51.24
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Table 3. Results of tensile tests.

Yield Young’s
stress modulus

Specimen (MPa) (GPa) Elongation

CT1 355.7 206.2 0.340
CT2 329.6 206.3 0.320
CT3 369.1 184.3 0.400
CT4 330.6 205.5 0.380
Average(excluding CT3) 338.6 206.0 0.347

150mm
overlap

Strain
gauge at

mid-height

Figure 3. Layout of strain gauges.

Figure 4. Test set-up.

at the mid-height to measure longitudinal strains. For
each FRP-confined steel tube, four bidirectional strain
gauges with a gauge length 20 mm were installed
at the mid-height of the FRP jacket. The layout of
strain gauges is shown in Fig. 3. The compression
tests were all conducted using an MTS machine with
displacement control (Fig. 4).

4 TEST RESULTS AND OBSERVATIONS

The failure mode of the bare circular steel tube
was outward buckling around the circumference. This

Elephant’s
foot
buckling

ST1

Figure 5. Bare steel tube after ccompression test.

Figure 6. FRP-confined steel tubes after compression test.

local buckling occurred near the end and is widely
known as the elephant’s foot buckling mode (Fig. 5).
This buckling mode is normally found in steel tubes
whose diameter-to-thickness ratio is relatively small.

The three FRP-confined tubes after failure are
shown in Fig. 6. Two failure modes were observed in
these FRP-confined steel tubes. For the steel tube with
a single-ply FRP jacket, failure occurred by the rup-
ture of the FRP jacket when its hoop strain in the local
buckling zone exceeded the ultimate tensile strain of
the FRP in the hoop direction. Once rupture of the
FRP jacket occurred, the confinement effect of the
FRP jacket disappeared and the load the tube was able
to carry reduced rapidly. From the data supplied by the
manufacturer, the FRP used in this study had an ulti-
mate tensile strain of 2.8%, but the average ultimate
hoop rupture strain achievable in a circular jacket is
expected to be significantly lower due to the detrimen-
tal effect of curvature and non-uniform deformation,
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Figure 8. Axial stress–hoop strain curves of FRP-confined
steel tubes.

similar to the phenomenon observed in FRP-confined
concrete cylinders (Lam and Teng 2004).

For the other two tubes confined with a two-ply
jacket and three-ply jacket respectively, failure was by
the inward buckling of the steel tube wall. In these
tubes, the expanding local buckling deformations near
the ends were unable to break the thicker FRP jackets.
Since the tube was prevented from deforming out-
ward by a strong FRP jacket, the tube instead failed
by inward buckling. Rupture of the FRP jacket was
also observed in this failure mode in the tube with a
two-ply jacket, as a result of the inward buckling defor-
mation. This jacket rupture is however not the cause
of the failure of the steel tube. The FRP jacket was
thus very effective in preventing the development of
the elephant’s foot buckling mode.

The axial stress–strain curves of all four specimens
are shown in Fig. 7, where the nominal axial strain
found from the total axial shortening between the
loading platens is shown instead of the strain gauge

Table 4. Summary of test results.

Specimen ST1 ST2 ST3 ST4

Pco (kN) 718.6
Pu (kN) 699.2 726.8 753.3 762.9
Pu/Pco 0.97 1.01 1.05 1.06
εco 0.00327
εu 0.00327 0.0312 0.0351 0.0358
εu/εco 1.00 9.54 10.73 10.95

readings as the nominal axial strain represents the over-
all response of the steel tube better. It is clear that the
axial stress-axial strain curve of the bare steel tube
features a descending branch immediately after the
linear ascending branch, while those of the three FRP-
confined tubes all feature a long and slowly ascending
branch before reaching the peak load, showing great
ductility. Fig. 7 shows that the tube confined with a
single-ply FRP jacket is almost as ductile as those
with a two-ply or a three-ply jacket. For practical
applications, methods need to be developed to achieve
optimum designs of FRP jackets.

Fig. 8 shows the axial stress–hoop strain curves
of the three FRP-confined tubes. The hoop strains
shown here are average values of the readings from
the three strain gauges located outside the overlap-
ping zone. Since the buckling deformations were
localised, it is difficult to relate these hoop strains
to the development of buckling deformations. Nev-
ertheless, the hoop strains at the tube mid-height did
reach around 50–80% of the expected hoop rupture
strain of around 1.9% based on tests conducted on
FRP-confined concrete cylinders (Teng et al. 2004),
indicating that the jackets were well mobilised.

Key test results are summarized in Table 4, where
Pco is as the yield load defined as the yield stress of
the steel from tensile coupon tests times the cross-
sectional area of the steel tube and Pu is the ultimate
loads of the FRP-confined steel tubes obtained from
the tests. εco is the nominal axial strain of the bare steel
tube at peak load from the bare steel tube compression
test, while εu is the nominal axial strain of the FRP-
confined steel tube at peak load. It can be found that
Pu and εu increase with an increase in the thickness of
the FRP jacket.

The confinement effectiveness of the FRP jacket
can be judged by examining enhancements in the ulti-
mate load and the strain at peak load. As seen in Table
4, the ultimate load of the steel tube was enhanced by
1% to 6% by FRP jackets of different thicknesses. The
ultimate load increases with the thickness of the FRP
jacket, although this increase is generally very limited.
Table 4 and Fig. 7 both show that the ductility of the
steel tube was greatly enhanced by FRP confinement.
The nominal axial strain at the peak load is enhanced
by 9–10 times through FRP confinement.
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5 CONCLUSIONS

In this paper, the use of FRP confinement to enhance
the ductility and hence the seismic resistance of cir-
cular steel tubes has been proposed. A series of
exploratory axial compression tests has been presented
to demonstrate the effectiveness of FRP confinement
of steel tubes whose ductility is otherwise limited
by the development of the elephant’s foot buckling
mode. The test results have shown conclusively that
even with the provision of a thin FRP jacket, the duc-
tility of the steel tube can be greatly enhanced. The
test results also show that the enhancement in the ulti-
mate load is very limited, which is desirable in seismic
retrofit so that the retrofitted tube will not attract forces
that are so high that adjacent members may be put in
danger. It is worth noting that the same benefit can
be expected when FRP confinement is used in much
thinner shells (e.g. liquid storage tanks and silos) to
delay/prevent failure in the elephant’s foot buckling
mode when subject to combined axial compression
and internal pressure.
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Modelling of arching action in FRP reinforced concrete

S.E. Taylor & D.R. Robinson
Queen’s University, Belfast

ABSTRACT: It has been recognised for some time that laterally restrained slabs exhibit strengths far in excess
of those predicted by most design codes. This enhancement in slab strength is due to Compressive Membrane
Action (CMA). Previous research has also shown that CMA has a beneficial influence on the service behaviour
of laterally restrained slabs. Therefore, by utilising the benefits of new reinforcing materials, such as FRPs, in
combination with CMA, it should be possible to produce more economic and durable concrete slabs. This paper
presents the results of NLFEA modelling of arching action concrete slabs reinforced with either steel or Glass
Fibre Reinforced Polymer (GFRP) bars.

1 INTRODUCTION

In the past 30 years it has become increasingly evi-
dent that corrosion of reinforcement due to the effects
of de-icing salts has been one of the major factors in
the deterioration of reinforced concrete bridge decks.
One solution to the corrosion problem is the use of
alternative materials to steel reinforcement that do
not corrode, such as Fibre Reinforced Polymer (FRP).
The majority of recent research using FRP reinforce-
ment has concentrated on simply supported slabs (e.g.
ACI Committee 440, 2001; Farreira et al, 2001 and
Alsayed et al, 2000). By taking advantage of CMA
in laterally restrained slabs such as those in bridge
decks, it is possible to reduce the dependency of the
slab on reinforcement. Developments in Canada of a
novel reinforcing system (Mufti and Newhook, 1998)
have shown that the in-plane restraint to the slab,
provided by external steel ‘reinforcement’ had a ben-
eficial effect on both the serviceability and the cost
of the deck slab. More recent research in Canada
(Mufti et al, 2002) has investigated the use of car-
bon fibre reinforced polymers to replace conventional
reinforcement. However, the Canadian system is not
applicable to decks with concrete beams which tend to
be significantly more popular in the UK and Europe.

This research uses previous laboratory test results
(Mullin and Taylor, 2003) on six reinforced concrete
slab strips with both steel and Glass Fibre Reinforced
Polymer (GFRP) reinforcement. The variables were
the boundary conditions, reinforcement type and con-
crete strength. A primary objective of the numerical
modelling was to develop suitable modelling strate-
gies to enable reliable and predictive estimates of the
strength of laterally restrained concrete slabs rein-
forced with FRP. Slab deflections and reinforcing bar

strains were used to correlate the numerical models
with experimental data at both service and ultimate
load levels. A correlated finite element model will
complement the test data by providing a more com-
plete understanding of the load transfer mechanism
occurring in laterally restrained slabs.

Following development of an appropriate mod-
elling strategy, and correlated numerical models, a
second objective of the numerical modelling element
was to extend the experimental data by considera-
tion of the relative sensitivities of the slabs to various
variables. In particular, the external lateral restraint
stiffness, as this has shown to be more critical to the
service and ultimate behaviour of the slab than the type
of reinforcement used i.e. steel or GFRP. In the experi-
mental slabs it is comparatively complex to vary the
degree of the external lateral restraint.

2 BACKGROUND TO ARCHING ACTION

The arching phenomenon occurs in concrete due to
the significant difference between its tensile and com-
pressive strengths.The weak strength in tension causes
cracking due to the application of load. This shifts the
neutral axis towards the compression face. If the edges
of the slab are restrained by a stiff boundary, internal
arching action or Compressive Membrane Action is
induced as the slab deflects (Fig. 1). This enhances
the flexural capacity of the slab. The fraction of the
load that is carried by arching action is dependent
upon several variables such as the degree of external
restraint, the concrete compressive strength and the
span to depth ratio. It has been shown that the arching
effect is relatively greater in slabs with lower reinforce-
ment percentage, low span to depth ratio and a high
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degree of lateral restraint. That is, in comparison to
the flexural or yield line predicted ultimate strengths
which do not consider membrane effects.

Rankin & Long (1997) first developed a method
for assessing the strength of laterally restrained slab
strips as part of their rational approach to predicting the
enhanced punching strength of slab and column speci-
mens. They extended the theory of McDowell, McKee
and Sevin (1956) which focused on the geometry of
deformation of laterally restrained masonry walls. The
idealised mode of action is depicted in Figure 2.

The similarities in the material properties of
masonry and concrete provided a justifiable basis for
the extension of their theory to restrained reinforced
concrete slab strips. Although McDowell et al (1956)
had ascertained the various stress-strain responses over
the full range of deformation and material states, only
two were considered applicable to the arching strength
in RC slabs, that is, the elastic and the elastic-plastic
state.

A previous paper (Taylor et al, 2001) outlined an
arching theory developed by the author for one-way
spanning laterally restrained slab strips with steel
reinforcement. This predicted an enhanced flexural
capacity by including an arching component and led
to a subsequent investigation of GFRP in slab strips
The arching theory was found to be valid for certain
parameters.

Table 1. Experimental variables.

Concrete
strength Boundary

Slab no. (N/mm2) Reinforcement conditions

S-40-SS 39.7 Steel 0.5% centre S/S
S-40-LR 41.0 Steel 0.5% centre F/E + L/R
S-70-LR 85.0 Steel 0.5% centre F/E + L/R
G-40-SS 39.9 GFRP 0.5% centre S/S
G-40-LR 38.6 GFRP 0.5% centre F/E + L/R
G-70-LR 67.9 GFRP 0.5% centre F/E + L/R

GFRP = glass fibre reinforced polymer.
F/E = fixed end.
L/R = laterally restrained.
S/S = simply supported.

The interaction of arching and flexure in a rein-
forced concrete element is complex. By using NLFEA
and correlating to known test result it should be pos-
sible to provide a means of assessing arching action
in slabs with many variations. This has large potential
as a tool for design where enhanced strength under
arching action can be recognised.

3 EXPERIMENTAL PROGRAMME

3.1 Test slabs

Six one-way spanning slabs with varying reinforce-
ment type and slab boundary conditions were tested
(Table 1). Previous work by Taylor (2003) found that
when lateral restraint was provided, the slabs could be
efficiently reinforced with the bars located centrally.
All the slabs were detailed with centre reinforcement.

A line load was applied at midspan of each test slab
(Fig. 3). A steel frame used in previous tests at Queen’s
University provided restraint (Ruddle, 1989). Elec-
tronic displacement transducers were located directly
below the position of the knife-edge load, 25 mm in
from the side faces of the slab. Strain gauges were
also mounted on each of the reinforcing bars at vari-
ous locations.The test slabs were loaded incrementally
up to failure and the development of cracking was
monitored.

3.2 Test results

Control samples were taken and the reinforcement
types are compared in Figure 4. The stress-strain
characteristics for the two reinforcement types high-
lights the difference in the elastic modulus of the two
reinforcement types although the strengths were of a
similar order.

In the simply supported slab the material properties
of the reinforcement were the overriding criteria for

758



Figure 3. Test slabs set-up.
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Figure 4. Material strengths.

the service behaviour and the ultimate capacity of the
slab. The strain results also showed that the yield and
rupture strains of the reinforcement had been reached.

However, for the laterally restrained slabs, the con-
crete material properties had a far greater influence
compared to the simply supported slabs. It can be seen
from Table 2 that the laterally restrained GFRP slabs
had strengths similar to, or in excess of, the later-
ally restrained steel slabs. Additionally the deflections
were similar to, or lower, than the equivalent steel
reinforced slab. This is in contrast to the majority of
reported results for the service behaviour of FRP rein-
forced slabs and is due to the beneficial influence of
arching action.

Table 2. Experimental results.

Concrete Failure Deflection
strength load @failure Failure

Slab no. (N/mm2) (kN) (mm) mode

S-40-SS 39.7 37.4 22 Steel
yielding

S-40-LR 41.0 129.8 22 Crushing/
bending

S-70-LR 85.0 210 30 Crushing/
bending

G-40-SS 39.9 33 28 Crushing
G-40-LR 38.6 145 20 Crushing
G-70-LR 67.9 200 21 Crushing

GFRP = glass fibre reinforced polymer.
F/E = fixed end.
L/R = laterally restrained.
S/S = simply supported.

4 NLFEA MODEL

4.1 Introduction

The focus of this research was to attempt to use NLFEA
to model the arching effect in both steel and FRP rein-
forced slabs. As a result NLFEA could be used to
optimise the design of such slabs. This will ultimately
lead to a more cost effective and sustainable solution
for laterally restrained concrete slabs. The ‘Abaqus’
NLFEA package was chosen on the basis of previ-
ous work by the Author and due to the new enhanced
models for reinforced concrete. The solution approach
is similar to other packages and uses the Newton
Rahpson method for solving non-linear equations.
However this has been enhanced by Rik’s procedure
to aid convergence with softening materials. Other
options have been tested but the detailed findings are
not presented in this paper.

In addition to the above implicit approach the
Abaqus package has extensive facilities for solving
dynamic problems by the use of explicit algorithms.
The explicit method uses very small load increments
which require significantly less computation than
the alternative implicit method. Although the explicit
method was developed for dynamic problems, it can
be applied to static problems if the inertia effects are
minimised.

4.2 Model specification

The basic geometry of the slab is illustrated in Fig-
ure 5.As the strength of a laterally retained slab is more
dependent upon the concrete compressive strength the
reinforcement was positioned in the centre. The same
reinforcing bar acts to resist both the hogging and
sagging flexural moments giving a 50% saving in
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the material costs. This has been modelled by four
node shell elements with integration points through
the depth and length of the element. The use of shell
elements allowed the physical behaviour throughout
the thickness of the slab to be modelled without the
thickness being geometrically defined. This provided
a computationally efficient model with allowance for
slab geometrical variations.

The actual support conditions were as indicated in
Figure 5, that is, partially fixed end with finite lateral
restraint or simply supported with no lateral restraint.
The boundary conditions were modelled as either sim-
ply support, simply supported with lateral restraint
or fully fixed end. On going research to establish a
model with end conditions to represent restraint with
finite stiffness is currently being undertaken and it is
intended to present these findings at the conference.
The model was set up with shell elements and a mesh
as indicated in Figure 6.

4.3 Material properties

For a simply supported slab the material properties
of the reinforcement will be the overriding criteria
for the service behaviour and the ultimate capacity
of the slab. The amount of cracking in the GFRP sim-
ply supported slabs was far more extensive than in the
equivalent steel reinforced slab. It is essential to model

fcu

fco

strain

stress

Eco

(a) concrete compression

fto

strain

stress

Eto

(b) concrete tension

Figure 7. Response of concrete to uniaxial loading in
compression and tension.

the characteristics of the materials under service loads
as this could be the overriding design consideration,
particularly in the simply supported GFRP reinforced
slabs.

In a laterally restrained slab the concrete material
properties have a far greater influence on the ultimate
capacity compared to the simply supported slab. It
is therefore essential to model the concrete material
properties accurately. The damaged concrete plasticity
model was chosen in which the uniaxial stress-strain
curves were converted into stress versus plastic-strain
curves based upon the user defined tension and com-
pression strengths (Figure 7). The elasticity of the
concrete is changed according to the level of cracking
or the level of plasticity that has been developed.

Abaqus gives the stress-strain relationship for the
three-dimension multi-axial condition by using a
scalar damage plasticity equation:

where Do is the initial undamaged elasticity.
The damaged elasticity was implemented in the

package to allow for cyclic loading, although cyclic
loading has not been presented here, it is the facility
that will be needed for future work. More relevant for
this work, the potential and yield functions have been
upgraded in this model allowing for a non-associated
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flow model that is more representative of concrete. In
addition the damaged model is available in both the
implicit and explicit versions of the package.

The material properties of the reinforcing bars used
in the NLFEA model were based upon the experi-
mental control samples. The elastic modulus for the
steel and GFRP bars was 205 kN/mm2 and 42 kN/mm2

respectively as indicated in Figure 8. The reinforce-
ment was defined as one-dimensional rods in a single
layer and considered independently to the surrounding
concrete.

The model assumes the two main failure mecha-
nisms are compressive crushing and/or tensile crack-
ing. The failure surface is controlled by hardening
variables linked to the tensile and compressive strains.
The post failure mechanism is modelled using concrete
tension stiffening with user defined strain softening
behaviour for cracked concrete which is based upon
the cracking strain or stress.

Tension stiffening is dependent upon the bond
between the reinforcement and the concrete and
requires some calibration for these models the actual
failure stresses, for example, 1.8 N/mm2 for model S-
40-SS, from the measured indirect tensile stresses were
used. A linear loss of strength was assumed for post
cracking behaviour.

Additionally, the degree of cracking from the
NLFEA can be dependent upon the fineness of the
mesh adopted. That is, there may be some mesh sensi-
tivity particularly where there is high level of cracking
such as the simply supported GFRP reinforced slabs.

4.4 Yield function

The NLFEA model is based upon the yield func-
tion of Lublier et al (1989) with modification by Lee
and Fenves (1998) to account for differing strengths
under tension and compression. The yield function is
governed by the material hardening variables and is
described by Lee and Fenves (1998) in terms of the
effective stresses by:
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Figure 9. Comparison between the smeared creak and the
damaged plasticity model for model S-40-SS.

Convergence problems associated with the implicit
analysis are overcome in the explicit method. Fig-
ure 9 shows the problems with convergence under the
implicit method which failed to converge beyond an
applied load of 30 kN compared to the same analysis
under the explicit method which went to beyond the
maximum applied load value.

The implicit method requires the systems of non-
linear equations to be satisfied at the end of each load
increment. This is difficult to achieve in the exten-
sively cracked regions throughout the slab.The explicit
method does not require the equations to be satisfied
at each load increment but relies on the selection of
the appropriate load increment. This selection is based
on element size and wave velocity.

The explicit method allows the convergence diffi-
culties to be eliminated but there is greater speculation
regarding the integrity of the solution. As a safe guard
the solution obtained by the implicit and explicit meth-
ods are compared. It can be seen that the two analyses
give virtually the same results up to an applied load of
30 kN.

5 COMPARISON WITH EXPERIMENTAL
RESULTS

5.1 Load–deflection characteristics

The results for the steel reinforced simply supported,
simply supported with lateral restraint or fully fixed
end NLFEA analyses under the explicit or damaged
model are compared to the experimental results for the
40 N/mm3 concrete compressive strength in Figure 10.
The simply supported model showed a close relation-
ship with the actual load-deflection results although
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it tended to be slightly conservative in predicting the
failure load of the slab.

The experimental results lie between the results for
the simply supported with lateral restraint and the fully
fixed end NLFEA analyses. The ratio of the external
restraint stiffness to that of the slab is 0.41. From pre-
vious research by the authors, this would equate to
approximately 50% of the arching capacity that would
be present in an infinitely rigidly restrained slab. As
discussed earlier, one aim of this research is to model
the effect of varying external lateral restraint stiffness
and this is on going at the time of writing this paper.

The degree of arcing action could be modelled by
applying spring supports representing the real exter-
nal restraint stiffness. Previous work (Taylor et al,
2001) used an arching theory which uses the geom-
etry of the section and an equivalent rigidly restrained
arch to establish the contact area at the support. It

is intended to use this as basis for establishing the
restraint conditions in the NLFEA model.

The results for the GFRP reinforced simply sup-
ported with lateral restraint or fully fixed NLFEA
analyses under the explicit or damaged model are com-
pared to the experimental results for the 40 N/mm3

concrete compressive strength Figure 11. The results
underestimated the deflection in the GFRP reinforced
slab and this is due to the rigid lateral restraint sup-
port conditions which will enhance the arching action
and thus reduce the level of deflection at the midspan
region.

6 DISCUSSION AND CONCLUSIONS

The results clearly showed that the load-defection char-
acteristics of simply supported models were highly
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dependent upon the reinforcement type. The low value
of elastic modulus in the GFRP caused greater deflec-
tions at the same value of applied load compared to
the equivalent steel reinforced slab although the fail-
ure loads were of a similar order. In the steel reinforced
model the steel had reached yield strain prior to reach-
ing the maximum predicted ultimate load as indicated
by the experimental results.

However, when external lateral restraint is intro-
duced the failure mechanism is one of compressive
failure and it is the concrete compressive strength
that governed the failure load. This was reflected in
the NLFEA analysis. The GFRP and steel reinforced
model with lateral restraint had similar predicted load-
deflection characteristics as the yield function was
due to a compressive failure. The rupture strain in the
NLFEA with GFRP had not been reached at maximum
predicted load in the results as indicated by the exper-
imental strain results. Similarly the NLFEA with steel
reinforced model had not reached yield strain prior to
the maximum predicted ultimate load.

7 FUTURE RESEARCH

This is on-going research and clearly there is much
scope for improving the NLFEA for less than rigid
external lateral restraint. For slabs where arching
action is present, modelling the external lateral
restraint stiffness and contact areas at the support and
midspan regions is principal to achieving a realis-
tic model. It should then be easier to investigate the
interaction of arching action and flexure within such
slabs.
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ABSTRACT: This paper describes the fatigue behaviour of the cast-in-situ full-scale model of a bridge deck
slab. Although cast monolithically, this deck slab was divided into three segments (A, B and C). Segment A was
reinforced according to the conventional design with steel reinforcement. Segments B and C were reinforced
internally with a CFRP crack control grid and a GFRP crack control grid respectively and externally with steel
straps. This hybrid CFRP/GFRP and steel straps design is called the second generation of the steel-free concrete
bridge deck slab. This hybrid system reduced the development of longitudinal crack width and eliminated
corrosion completely from the concrete bridge deck slabs. All three segments were tested under 25 ton cyclic
loading to investigate fatigue behaviour. The performances of all three segments were measured through a
number of sensors, including: linear variable displacement transducers (LVDTs), pi-gauges and strain gauges.
The findings are reported in this paper.

1 INTRODUCTION

This paper describes a study to replace the steel rein-
forcement completely from the deck slab with hybrid
internal either CFRP or GFRP and external steel straps
as an alternative solution to increase the service life of
bridges. The decline in North American infrastructure
has never been more prevalent than it is today. In par-
ticular, the highway system and its bridges have been
adversely affected by age and weathering over the past
two decades. Since the majority of highway bridges
have reinforced concrete decks supported on steel or
concrete girders, concrete has been the choice for high-
way bridge decks for many years. Over the years, the
weather has taken its toll on these reinforced con-
crete decks. Rainwater and de-icing chemicals applied
to roadway surfaces during the winter months have
seeped through many concrete decks and caused cor-
rosion of the reinforcing steel. To avoid the corrosion
of steel reinforcement Mufti et al. (1993), proposed the
concept of a steel-free concrete deck slab entirely free
of any internal steel reinforcement. This concept has
been applied to four highway bridges and one forestry
bridge in Canada (Bakht and Mufti (1998)).

During the lifetime of a bridge deck slab, it is sub-
jected to a very large number of wheels of different
magnitudes. By contrast, the laboratory investigation
of the fatigue resistance of a bridge deck slab is usually
conducted under wheel loads of constant magnitude.

The design codes (AASHTO (1998), and CHBDC
(2000)) are not explicit with respect to the design of
fatigue loads on deck slabs. An analytical method was
developed by Mufti et al. (2002) for establishing the
equivalence between fatigue test loads and a given pop-
ulation of wheel loads. While the method is general
enough to be applicable to all deck slabs of concrete
construction, it was developed especially for steel-free
concrete deck slabs Mufti et al. (1993) and Bakht and
Mufti (1998), which are relatively new and do not have
a long track record of field performance.

The performance comparison of all three segments
under a 25 ton cyclic load is reported in this paper,
while performance under a 60 ton cyclic load will be
published in the Ph.D. dissertation of Memon (2004).
Observation showed that Segment C with a GFRP
crack control grid had the highest fatigue resistance
of 420,682 cycles under a 60 ton cyclic load followed
by Segment B with CFRP crack control grid, which
had a fatigue resistance of 198,863 cycles under a
60 ton cyclic load and Segment A with steel reinforce-
ment had the lowest fatigue resistance of 23,162 cycles
under a 60 ton cyclic load Memon (2004).

2 CONCEPT OF STEEL-FREE DECK SLAB

In a steel-free concrete bridge deck slab, the steel straps
are placed at the top flange of the girder providing
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Figure 1(a). Steel-free concrete bridge deck slab.
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Figure 1(b). Cross-section of a steel-free concrete bridge
deck slab.
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Figure 2. Cross-section of a second generation steel-free
concrete bridge deck slab.

lateral restraint, which develops compressive mem-
brane force in the deck slab, as shown in Figure 1(a).
In operation, as the bridge deck withstands the stress
of traffic loads, the deck will deform and stresses will
develop. Eventually the loads will reach a magnitude
where the tensile stresses will cause the concrete to
crack. Once the bridge deck cracks, it resists traf-
fic loads through arching action. Such arching action
is characterized by compressive membrane action, as
shown in Figure 1(b), and failure by punching shear.
This concept led to the world’s first steel-free con-
crete bridge deck slab over the Salmon River on the
Trans-Canada Highway in Nova Scotia, which was
opened to traffic in December 1995 (Mufti et al. 1999).
Six months later, approximately 1 mm wide longitu-
dinal cracks were observed on the soffit of the deck
slab, roughly midway between the girders. Periodi-
cal visual inspection has shown that the widths and

pattern of the cracks have not changed significantly
during the past eight years. Since these cracks are aes-
thetically unpleasing and public sector engineers are
not comfortable with them, a number of methods for
controlling the widths and distribution of cracks in
steel-free concrete deck slabs are being investigated
experimentally. One of these methods involves the use
of a FRP (fibre reinforced polymers) crack control grid
of either CFRP or GFRP near the bottom surface of
the slab, as shown in Figure 2.

3 THEORETICAL APPROACH

Many theoretical approaches (Kinnunen and Nylan-
der (1960); Hewitt and Batchelor (1975); Marzouk
and Hussein (1991); and Mufti and Newhook (1998))
have been developed for predicting the punching
strength in reinforced concrete deck slabs. The models
generally relied on stresses developed in the steel rein-
forcement as a key parameter. Therefore, it became
necessary to develop a model that could predict the
behaviour of laterally restrained deck slabs contain-
ing no internal reinforcement. A finite element model
study done by Wegner and Mufti (1994) was very suc-
cessful in providing guidance for further experimental
work; however, the model was found to be very com-
plex and sensitive to modelling parameters. The model
developed by Kinnunen and Nylander (1960) and
enhanced by Hewitt and Batchelor (1975) to include
lateral restraint conditions was adapted for steel-free
concrete deck slab conditions. The full mathematical
formulation of this model can be found elsewhere,
Newhook et al. (1995) and Newhook (1997); only the
basic elements of the model are reviewed here.

The important components of the system geome-
try are the depth of the concrete deck, the spacing
of the support girders, the spacing and cross-sectional
area of the transverse straps, and the dimensions of the
loaded area. The essential parameters are the modulus
of the transverse strap, area of strap, the yield strain
of the straps, the compressive strength of the concrete,
and the influence of three dimensional stresses on the
compressive strength of concrete, girder spacing and
thickness of deck slab.

Newhook (1997) and Newhook and Mufti (1998)
developed a computer program called the PUNCH
Program to predict the ultimate capacity of restrained
deck slabs under concentrated loads. A comparison of
the theoretical and experimental work is presented in
Mufti and Newhook (1998). The comparison reveals
that the PUNCH Program can predict, with reason-
able accuracy, the punching failure load of a restrained,
fibre-reinforced concrete slab-on-girder bridge deck.

Khanna et al. (2000) reported the ultimate capac-
ity of his model deck slab reinforced with steel and
designed by an empirical design method similar to
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Segment  A Segment  B Segment  C
15 M @ 300 mm spacing, Top
and Bottom each way

#4 (12.7 mm) dia Aslan 100
GFRP rebar @ spacing of 150
mm in Transverse and 200 mm
in the Longitudinal direction.
1" x 1.5" steel strap @ spacing
1000 mm

#3 (9.53 mm)dia Aslan 200
CFRP rebar @ spacing of 200
mm in Transverse and 300 mm
in the Longitudinal direction.
1" x 1.5" steel strap @ spacing
of 1000 mm

Figure 3(a). Schematically reinforcement detail of the deck slab.

Segment A. When the experimental results were com-
pared with the theoretical model PUNCH Program
developed by Newhook and Mufti (1998), it showed
very good agreement between the results Mufti et al.
(1999). Furthermore, the experimental and theoretical
results of Segment A were comparable with the non-
linear finite element program (ANACAP) Mufti et al.
(2001). Segments B and C were designed according
to the provisions of CHBDC (2000) Section 16 and
analysed by PUNCH Program. Therefore all three seg-
ments A, B and C were designed with an almost equal
ultimate capacity so that a direct comparison between
the segments under fatigue could be made.

4 EXPERIMENTAL PROGRAM

4.1 Details of bridge deck slab

The full-scale model of the bridge deck slab con-
sisted of three segments of 3000 mm each with overall
dimensions of 9000 × 3000 mm and a slab thick-
ness of 175 mm. The bridge deck slab was tested
under cyclic loading to investigate fatigue behav-
ior as shown schematically and before casting in
Figures 3(a) & 3(b).

The deck slab was cast-in-situ compositely on two
steel girders at a center-to-center spacing of 2000 mm
through the use of shear connectors and had a 500 mm
long cantilever overhang beyond the center of the each
girder. In the longitudinal direction (i.e.: parallel to the
girders), the deck slab was 9000 mm long. Although
cast monolithically, the slab was conceptually divided
into three segments, as shown in Figure 3(a). Segment
A of the bridge deck slab was reinforced with steel

Figure 3(b). Reinforcement detail of the deck slab and
formwork.

reinforcement by empirical design method accord-
ing to the CHBDC (2000). Segment A contained
two layers of steel reinforcement with 15 M bars
spaced at 300 mm in each direction in each layer,
providing total reinforcement of 1.2%, as shown in
Figures 4(a) & 4(b).

Segment B of the bridge deck slab was reinforced
with hybrid CFRP crack control grid internally and
externally with steel straps. CFRP bars with a mod-
ulus of elasticity of 121 GPa and ultimate tensile
strength of 1310 MPa were used. Segment B con-
tained one CFRP bar with a diameter of 9.53 mm (#3)
spaced at 200 mm in the transverse direction, provid-
ing a reinforcing ratio of 0.19%, and one 9.53 mm
(#3) spaced at 300 mm in the longitudinal direction,
providing a reinforcing ratio of 0.13% and a steel
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Figure 4(a). Reinforcement detail of Segment A.

Steel reinforcement

Figure 4(b). Cross-section of Segment A

Figure 5(a). Reinforcement detail of Segment B.

CFRP crack control grid

Steel strap

Figure 5(b). Cross-section of Segment B.

strap having dimensions 25.4 × 38.1 mm (1′′ × 1.5′′)
spaced at 1000 mm in the transverse direction only,
providing a reinforcing ratio of 0.55%, as shown in
Figures 5(a) & 5(b).

Figure 6(a). Reinforcement detail of Segment C.

Steel strap

GFRP crack control grid

Figure 6(b). Cross-section of Segment C.

Segment C of the bridge deck slab was reinforced
with hybrid GFRP crack control grid internally and
externally with steel strap. The GFRP bars with a
modulus of elasticity of 40.8 GPa and the ultimate
tensile strength of 690 MPa were used. Segment C
contained one GFRP bar with a diameter of 12.7 mm
(#4) spaced at 150 mm in the transverse direction, pro-
viding a reinforcing ratio of 0.48%, and one 12.7 mm
(#4) spaced at 200 mm in the longitudinal direction,
providing a reinforcing ratio of 0.36% and steel strap
having dimensions of 25.4 × 38.1 mm (1′′ × 1.5′′)
spaced at 1000 mm in the transverse direction only,
providing a reinforcing ratio of 0.55%, as shown in
Figures 6(a) & 6(b).

A steel-free concrete deck slab on a girder bridge
derives its strength from an arching action, which is
harnessed by both the longitudinal and transverse con-
finement system. To control the temperature and ther-
mal cracking, concrete is mixed with 0.3% chopped
polypropylene fibers.

4.2 Instrumentation

To investigate performance under cyclic loading, each
segment of a bridge deck slab was monitored through
a number of sensors including: linear variable dis-
placement transducers (LVDTs), strain gauges, and
pi-gauges. Vertical deflection of each segment was
measured by LVDTs. To monitor the internal perfor-
mance of each segment of the bridge deck slab an
electrical resistance strain gauges were mounted on
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Figure 7(a). Typical bottom view of Segments B & C and
instrumentation.

Figure 7(b). Bottom view of Segment A and instrumenta-
tion.

few bars of steel reinforcement, CFRP and GFRP. The
instrumented bars were then placed under the cyclic
load and away from it in transverse and longitudinal
directions, as shown in Figures 4(a), 5(a) & 6(a). In
order to monitor the performance of the steel straps, an
electrical resistance strain gauge was mounted on the
middle of each strap, as shown in Figure 7(a). To mon-
itor the longitudinal crack width of each segment of a
bridge deck slab, pi-gauges were used and mounted on
the bottom surface of each segment of the bridge deck
slab under the load, as shown in Figures 7(a) & 7(b).

4.3 Testing procedure

To understand the fatigue behaviour of a cast in situ
concrete bridge deck slab, a cyclic test was con-
ducted at a 25 ton load level. For this dynamic test,
the load was applied at 1 Hz frequency and the data
were recorded through Data Acquisition System. The
deck slab was tested under a central rectangular patch

Figure 8. Typical test setup and instrumentation.

load measuring 610 × 305 mm, with the later dimen-
sion being in the longitudinal direction of the deck
slab. The typical test setup for each segment is shown
in Figure 8.

5 WHEEL LOAD DATA

Commentary Clause C3.6.1.4.2 of the AASHTO
(1998), notes that the Average Daily Traffic (ADT)
in a lane is physically limited to 20,000 vehicles and
the maximum fraction of trucks in traffic is 0.20.Thus,
the maximum number of trucks per day in one direc-
tion (ADTT ) is 4000. When two lanes are available to
trucks, the number of trucks per day in a single lane,
averaged over the design life, (ADTTSL) is found by
multiplying ADTT by 0.85, giving 3400. It is assumed
that the average number of axles per truck is four (a
conservative assumption), and that the life of a bridge
is 75 years. Therefore the maximum number of axles
that a bridge deck would experience on one lane during
its lifetime is 372 million.

Matsui and Tei (2001) described the maximum axle
load observed in Japan as 32 ton, or 314 kN. The close
correspondence between the expected annual maxi-
mum axle load in Canada Mufti et al. (2002), and
the maximum observed axle load in Japan indicates
a similarity between the axle loads in the two coun-
tries. Matsui and Tei (2001), also provided a histogram
of wheel loads observed on 12 bridges in Japan. In
the absence of data for Canadian trucks, their his-
togram was used to construct the wheel load statistics,
as shown in Table 1. Table 1 also includes the num-
bers of wheels of various magnitudes corresponding
to a total of 372 million wheel passes. Any fatigue
test load on a bridge deck slab should cause the same
damage in the slab as the damage caused by all the
wheel loads included in this or any similar table. An
analytical method for estimating equivalent number of
cycles at two load levels, as shown in Equation 1, was

769



Table 1. Statistics of maximum number of wheel
loads in a lane during a lifetime of 75 years.

Wheel Percentage No. of
load of total wheels
(ton) (%) (million)

1 21.25 79.05
2 32.06 119.3
3 21.61 80.39
4 12.60 46.87
5 6.48 24.11
6 3.24 12.05
7 1.44 5.37
8 0.54 2.01
9 0.32 1.19

10 0.18 0.67
11 0.11 0.41
12 0.07 0.26
13 0.04 0.15
14 0.02 0.07
15 0.01 0.04
16 0.003 0.01

Table 2. Lifetime number of cycles equivalent to 25 ton
wheel load.

No. of No. of
cycles cycles (n2)

Load (P1) (n1) @ P1 Load (P2) @ P2
(ton) (million) (ton) (million)

1 79.05 25 0.016
2 119.3 25 0.034
3 80.39 25 0.032
4 46.87 25 0.027
5 24.11 25 0.020
6 12.05 25 0.014
7 5.37 25 0.009
8 2.01 25 0.005
9 1.19 25 0.004

10 0.67 25 0.003
11 0.41 25 0.003
12 0.26 25 0.003
13 0.15 25 0.002
14 0.07 25 0.001
15 0.04 25 0.001
16 0.01 25 0.0004

Total no. of cycles (n2) @ 25 ton 0.174

developed by Mufti et al. (2002) and it is valid for
reinforced and steel-free concrete bridge deck slabs.

where P1 and P2 are two different wheel loads; n1 and
n2 are the corresponding number of passes of P1 and
P2 respectively; while Ps is the static failure load.

The ultimate capacity of the deck slab can be pre-
dicted by using the Punch Program developed by
Newhook and Mufti (1998). The reliability of this
program is discussed in Mufti and Newhook (1998).
According to the Punch Program, the ultimate capacity
of each segment of a bridge deck slab is about 827 kN
(84.4 ton).

Consider that a bridge deck slab has a static failure
load (Ps) of 84.4 ton, while P1, P2 and n1 are 1 ton,
25 ton and 79.1 million, respectively. By using Equa-
tion 1, n2 will be 0.016 million, as shown in Table 2.
From Table 2, it is clear that the maximum number of
axles that a bridge deck would experience in one lane,
during its lifetime, is 372 million. This includes the
number of wheels of various magnitudes from 1 ton
to 16 ton. The equivalent number of cycles at a 25 ton
load level will be approximately 174,000 cycles.

6 RESULTS AND DISCUSSION

Test results show that under 25 ton cyclic loading, all
three segments of a bridge deck slab completed one
million cycles without significant damage. As men-
tioned earlier, during the lifetime of a bridge deck slab,
it is subjected to about 372 million cycles of different
magnitudes. By using the analytical approach, which
was explained earlier, 372 million cycles are equiva-
lent to 174,000 cycles at 25 ton cyclic load as shown
in Table 2. This shows that all three segments of the
bridge deck slab have much higher fatigue resistance
than required.

Vertical deflection of all three segments of the
bridge deck slab were measured by displacement trans-
ducers and the maximum deflection was found to be
approximately 2 mm when completing one million
cycles, as shown in Figure 9. It was also observed,
for all three segments, the deflection was increasing
with the increasing number of cycles.

In order to measure the internal and external
response of each segment of a bridge deck slab, strain
gauges were mounted on some of the steel, CFRP and
GFRP bars as well as on the steel straps, and maxi-
mum response was measured under the applied load
in transverse direction, as shown in Figure 10. From
Figure 10, it is clear that all strain values are lower
than 1200 micro-strain, therefore serviceability crite-
ria were met. Since the serviceability limit for either
CFRP or GFRP is 2000 micro-strain, based on the test
results, it is suggested that there can be a reduction of
up to 40% in the use of either CFRP crack control grid
or GFRP crack control grid.

To see the effect of either CFRP or GFRP crack
control grid on the growth of crack width, a longitudi-
nal crack was measured with an increasing number
of cycles under the applied load, as shown in Fig-
ure 11. From Figure 11, it can be seen that the
maximum crack width for all three segments was
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Figure 11. Crack width behaviour with increasing number
of cycles.

approximately 0.4 mm, when completing one million
cycles under 25 ton cyclic load. ACI Committee 440
(2001) reported that, for steel reinforced structures,
the allowable crack width limits are 0.3 mm for exte-
rior exposure and 0.4 mm for interior exposure. Since
FRP rods are corrosion resistant, the maximum crack
width limitation can be relaxed. However, excessive

crack width is undesirable aesthetically as well as for
other reasons including contribution to the damage or
deterioration of structural concrete.

7 CONCLUSIONS

Based on the findings of this investigation, the follow-
ing conclusions can be drawn:

(a) The presence of internal CFRP crack control grid
or GFRP crack control grid and external steel
straps in a bridge deck slab reduced the develop-
ment of longitudinal crack width and eliminated
corrosion completely.

(b) Experimental results suggested that the area of
CFRP or GFRP can be reduced by up to 40%.

(c) Experimental results show that fatigue damage
induced under 25 ton cyclic load is within permis-
sible limits.

(d) Analytical results show that, during a bridge deck’s
lifetime, it is subjected to 372 million cycles of dif-
ferent magnitudes, which are equivalent to about
174,000 cycles under 25 ton cyclic wheel load.

(e) Experimental results showed that all three seg-
ments completed one million cycles under 25 ton
cyclic load without significant damage, this sug-
gested that all three segments have a fatigue
resistance higher than required.

(f) Since GFRP is much cheaper than CFRP, inter-
nal GFRP crack control grid and external steel
straps are the most economical solution to reduce
the development of longitudinal crack width and
eliminate corrosion. The first field application of
this hybrid system was introduced in the Red River
Bridge in Winnipeg, Manitoba, Canada in 2003.
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Crack widths during sustained flexural loading of small-scale GFRP
reinforced concrete beams
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ABSTRACT: Small-scale concrete beams reinforced with steel bars and glass fiber reinforced polymer (GFRP)
bars manufactured with either thermoplastic or thermoset matrix materials were subjected to sustained flexural
loadings while flexural crack widths were monitored. Separate sets of beams were kept under load at temperatures
of 23 and 60◦C for time periods of 10 and 3 months, respectively. A nondimensional bond parameter that
is considered to be independent of bar modulus and reflective of the tendency for bond slip was fit to the
time dependent crack width data and used to compare time dependent bond behavior of the three bars. The
thermoplastic GFRP bar demonstrated the highest or nearly the highest bond slip at both test temperatures and
the least variation in bond slip with temperature. The thermoset GFRP bar had the least bond slip at both test
temperatures. All three types of bar had increased bond slip at the higher test temperature.

1 INTRODUCTION

Fiber reinforced polymer (FRP) materials are being
used increasingly as concrete reinforcement in harsh
environments that limit the lifetime of conventional
steel reinforcement and in structures where steel rein-
forcement is not permitted for various functional rea-
sons. FRP reinforcement bars are typically made with
a thermosetting matrix material, such as vinylester,
where polymer chains are irreversibly cross-linked by
strong chemical bonds. Thermoplastic bars, where no
cross-linking occurs and polymer chains can be rear-
ranged at suitably high temperatures could prove to
be useful in construction on account of their abil-
ity to be heated and bent in the field. Even though
design guidelines for using FRP reinforcements in
concrete have been published (Bakis et al. 2002), the
long term performance of FRP reinforcements remains
an area on ongoing investigation. The width of flex-
ural cracks over extended periods of time is one topic
that has received little attention in the literature. Crack
widths in structures containing no steel are considered
important mainly for aesthetic reasons and possibly
for reasons related to water ingress. Current ACI and
Canadian design guides recommend that flexural crack
widths be no greater than 0.5 mm for exterior expo-
sures and 0.7 mm for interior exposures when FRP
reinforcements are used (ACI 440 2003). Flexural
crack widths are dependent on many factors, one of
which is bond between the reinforcement and concrete.

Masmoudi et al. (1996) investigated crack widths
versus quasi-statically applied moment in concrete

beams reinforced with two different types of GFRP
bars at reinforcement ratios of 0.50 to 1.07%. The
Gergely–Lutz equation (Gergely and Lutz 1973) was
adopted for characterizing crack widths as a function
of beam cross section parameters and bar stress level:

where w is the crack width at the tensile face of the
beam, Kg is an empirical constant that accounts for
different types of bars, fs is the bar stress calculated by
elastic cracked section theory (MPa), β is the ratio of
the distance from the neutral axis to the extreme ten-
sion fiber to the distance from the neutral axis to the
centroid of the tensile reinforcement, dc is the thick-
ness of concrete cover measured from the bottom of
the beam to the center of the closest reinforcement bar
(mm), and A is the effective tension area of the concrete
surrounding the main tension reinforcement and hav-
ing the same centroid as that reinforcement, divided
by the number of bars (mm2). The constant Kg was
determined by best-fitting the equation to the crack
width data measured during monotonically increasing
moment. Thus, the value of Kg is dependent on the
modulus of elasticity of the reinforcement. The value
of Kg was found to be between 4.7 and 6.4 times that for
conventional steel reinforcement, leading to the con-
clusion that crack widths with the GFRP bars are 4.7 to
6.4 times greater than those for comparably sized steel
bars, all else the same. Considering that the modular
ratio of steel to GFRP is between 4 and 5, most of the
extra crack width seen in the GFRP reinforced beams
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in relation to the steel reinforced beams is accounted
for by factoring in the bar modulus. Crack widths were
not measured over extended periods of time in this
investigation.

Vijay and GangaRao (1998) investigated the creep
behavior of beams reinforced with two types of GFRP
bars, each with different reinforcement ratios (0.61%
and 0.96%). The beams were subjected to sustained
four-point flexure at 20–50% of ultimate moment
for up to 655 days while the concrete strain, beam
deflection, bar strain, and flexural crack width were
monitored.Although no specific crack width data were
presented for any of the bars tested, it was claimed in
the paper that the time-dependent increase in crack
width was less than or equal to the magnitude of crack
width upon initial loading.

Masmoudi et al. (1998) investigated crack widths
in concrete beams reinforced with either steel or
E-glass GFRP bars with reinforcement ratios rang-
ing from 0.42 to 2.15%. Crack widths were measured
under short term quasi-static loading. Using equation
(1), it was found that Kg for the GFRP bars increased
with decreasing reinforcement ratio, whereas Kg for
steel bars did not depend on reinforcement ratio. The
values of Kg for the GFRP bars ranged from 3 to
5.2 times that of steel, which to a certain extent
can be explained by the modular ratio of steel and
GFRP bars.

In general, there are insufficient data on flexural
crack widths over time in FRP-reinforced concrete
beams. In addition, there is little information on the
performance of thermoplastic FRP bars, particularly
in terms of bond and crack width. Thus, the objec-
tive of the present investigation is to evaluate the bond
capabilities of thermoplastic and thermoset GFRP
reinforcement bars as they relate to flexural crack
width in reinforced concrete beams subjected to sus-
tained loading. The bond properties of the bars were
analyzed using a modified form of the Gergely–Lutz
crack width equation, which allows for a quantitative
comparison of the bond behavior of reinforcements
in relation to steel with special consideration given to
the modular ratio of the reinforcements. Crack widths
were monitored for extended periods of time while
the beams were kept in room-temperature (23◦C) and
elevated temperature (60◦C) environments under a
constant moment.

2 EXPERIMENTAL INVESTIGATION

The experimental investigation involved fabricating
the beams, pre-cracking the beams in three-point flex-
ure to induce one or more flexural cracks, holding the
beams under four-point flexure using spring loaded
rigs, and measuring crack widths over the designated
holding time.

Table 1. Properties of reinforcement bars.

Nom. Nom. Young’s Tensile
Bar dia. area modulus strength
type (mm)a (mm2)a (GPa)a (MPa)

S 12.6 125 204 >586b

G 13.7 147 40.6 689c

B 13.8 150 39.0 896d

a Measured in present investigation.
b Based on data acquired in the current investigation.
c (ISOROD, undated).
d (Vanderpool, 2002).

Figure 1. Steel, thermoset, and thermoplastic GFRP bars
(top to bottom).

2.1 Materials

The thermoset GFRP bars, denoted type G, were
manufactured by Pultrall (Thetford Mines, Quebec)
and consist of E-glass fiber and a vinlyester matrix
(ISOROD, undated). The thermoplastic GFRP bars,
denoted type B, were manufactured by Dow Chemi-
cal (Midland, MI) and consist of approximately 54%
E-glass fiber and 46% thermoplastic polyurethane
(Vanderpool 2002). The polyurethane matrix, formed
by a reaction of diisocyanate and diol (Anon 2003),
has a glass transition temperature of 90◦C (Fulcrum,
undated). The physical properties of the GFRP and
black steel (denoted type S) reinforcements used in
this research are shown in Table 1 and a photo-
graph of the bars is shown in Figure 1. The nominal
diameters and nominal areas were found by volume
displacement, and the Young’s moduli were deter-
mined by loading one specimen of each bar in tension.
Three LVDTs positioned every 120 degrees around the
circumference of the bar were used to obtain bending-
compensated bar strains. For purposes of data analysis,
the bar moduli were all assumed to be constant over
the 23–60◦C temperature range of the sustained load-
ing experiments. The concrete beams were 890-mm
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Figure 2. Schematic of sustained loading rig.

long, 100-mm deep, and 89-mm wide and had one bar
centered 31.8 mm from the bottom. The compressive
strength and coefficient of variation of the concrete
measured at an age of 6 months using four 10-cm-
dia. cylinders were 41 MPa and 3%, respectively. The
reinforcement ratio of the beams varied from 1.7% for
the GFRP bars to 1.4% for the steel bar. The balanced
reinforcement ratios for the GFRP and steel bars are
roughly 0.3 and 2%, respectively.

2.2 Beam testing

At an age of one month, each of the beams was pre-
cracked in symmetric three-point flexure using a hand
pumped hydraulic actuator. Pre-cracking moments
averaged 0.92 kN-m, with a range of 0.76–1.25 kN-m.
Loading was continued until the visual observation of
the first instance of cracking. One or two cracks were
formed in each beam in this manner. After the beams
had been pre-cracked, they were unloaded and placed
as pairs in four-point flexure loading rigs to allow the
monitoring of crack widths over time (Fig. 2). The
inner and outer load spans measured 28 and 84 cm,
respectively. Coil springs held a sustained load of
1.90 kN at each load point and a sustained moment
of 0.53 kN-m in the center span with an accuracy of
±2%. The sustained bar force, stress, and strain for
the three types of reinforcement, estimated using a
standard section analysis that assumes plane sections
remaining plane, linear elastic bars, perfect bonding,
zero tensile strength in concrete, and parabolic con-
crete stress–strain behavior (Lin and Burns 1997), are
listed in Table 2.

Two pairs of loaded beams containing one steel bar
(designated SL), one thermoset bar (GL), and two ther-
moplastic bars (BL) were tested in an air-conditioned
laboratory and thus served as the control specimens.
The temperature and relative humidity for the control
specimens were kept in the range of roughly 20–
25◦C and 40–60%, respectively, for a period of 320
days. Four pairs of beams containing two steel, two
thermoset, and four thermoplastic bars were placed
in a convection oven held at 60 ± 2◦C for 89 days.

Table 2. Calculated bar force, stress and strain during
sustained loading.

Bar force Bar stress Bar strain
Bar (N) (MPa; % of ult.) (µε)

S 8710 69.7; <12 340
G 8180 55.6; 8 1370
B 8170 54.5; 6 1400

These specimens are designated BO, GO, and SO,
respectively.

The width of each crack was measured at regular
time intervals using a 50 × hand-held microscope with
a 25.4 µm minimum scale and a 25.4-mm field of view.
The cracks were measured on both sides of the beams,
as close to the outermost tensile surface as possible.
Due to the roughness of the crack surfaces being mea-
sured, the repeatability of crack opening measurement
is estimated to be ± 50 µm. For the heated beams, the
specimens were removed from the heated environment
3–4 hours prior to measuring the cracks in order to
obtain the measurements at room temperature. When
subsequent flexural cracks appeared over the course of
testing, these new cracks were included in the results
along with the pre-cracks. Some beams had as many
as four flexural cracks in total.

3 DATA ANALYSIS

A useful tool for the analysis of bond characteris-
tics of different FRP bars is a modified Gergely–Lutz
equation (ACI 440 2003). This equation relates the
maximum crack width at the bottom of a beam,
w (mm), to the stress on the bar, ff (MPa), and the
longitudinal modulus of elasticity of the bar, Ef (MPa):

where kb is the bond parameter of interest in the
present investigation, and w is normally the upper
90th percentile crack width. The parameters A and dc
were defined in reference to equation (1) and, in this
investigation, have respective values of 5650 mm2 and
31.8 mm. The parameter β, also defined previously,
was determined by calculation to be 1.57, 1.58, and
1.74 for bar types B, G, and S, respectively. Note that
the ratio ff /Ef in equation (2) is equal to the strain in
an unconstrained bar. Crack width in a beam varies
inversely with bar modulus if all other terms in equa-
tion (2) are held constant. Hence, by comparing bars
to each other on the basis of kb, one effectively factors
out the influence of bar modulus. The bond-related
parameter kb is normally taken as 1.0 for deformed
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black steel reinforcement. However, if bond slip of an
FRP bar is less than that of steel, kb is less than 1.0.
On the other hand, if bond slip is greater than that of
steel, kb is greater than 1.0. According to the current
ACI design guide (ACI 440 2003), some typical kb
values for deformed GFRP bars are between 0.71 and
1.83.TheACI guide suggests that designers use a value
of 1.2 for deformed GFRP bars unless more specific
information is available.

In the current investigation, kb was calculated using
the measured widths of flexural cracks located in the
constant moment zone of the beams. The growth of
these cracks was measured over time at load, allowing
the calculation of a time-dependent kb. Because the
beams in the present investigation contained only four
cracks or less, the mean crack width (rather than 90th
percentiles) for a given set of measurements was used
to assign a value of kb at each measurement interval.
The range of data scatter in graphical representations
of kb data over time is represented in the results with
error bars.

4 RESULTS

4.1 Crack width

Crack width data for the 23◦C specimens tested in
four-point flexure are shown in Table 3. Listed are the
number of data points collected and the mean crack
widths for all the cracks measured. The beam with a
steel bar had one crack (providing two data points),
the beam with a thermoset bar had two cracks (four
data points), and the two beams with thermoplastic
bars each had three cracks (six data points) within 16
days of initial loading. Although the four-point sus-
tained moment existing over the central third of the
beams was as much as 40–70% of the three-point pre-
cracking moment that was previously exerted in three-
point flexure during the pre-cracking procedure, only
the beams reinforced with GFRP bars exhibited one
or two subsequent flexural cracks over the 10-month
loading period. Crack widths in the SL specimen did
not change significantly over time. Crack widths in the
GL specimen increased slightly, whereas those in the
BL specimens increased by nearly a factor of two.

Crack width data for beams subjected to sustained
loading at 60◦C are shown in Table 4. After stabiliza-
tion of subsequent cracking, which took as long as 14
days at this temperature, the two SO specimens each
had two cracks and the two GO specimens each had
four cracks. Two of the BO specimens had two cracks
and two had three cracks. At 60◦C, crack widths with
all types of bars increased in proportion to loading
time. Crack widths for all three types of bars increased
substantially over the three month loading period.

At both test temperatures, steel bars had the small-
est crack widths, followed by the thermoset bars and

Table 3. Number of data points, N , and mean crack widths,
w, for 23◦C tests.

Steel (SL) Thermoset (GL) Thermoplastic (BL)

Day N w (µm) N w (µm) N w (µm)

0 2 89 4 76 4 229
16 2 76 4 102 6 271
45 2 76 4 89 6 343
80 2 76 4 89 6 394

160 2 76 4 89 6 406
205 2 76 4 89 6 406
320 2 89 4 127 6 457

Table 4. Number of data points, N , and mean crack widths,
w, for 60◦C tests.

Steel (SO) Thermoset (GO) Thermoplastic (BO)

Day N w (µm) N w (µm) N w (µm)

0 8 51 12 123 14 259
7 8 67 14 165 20 271

14 8 89 16 175 20 310
26 8 102 16 191 20 344
40 8 108 16 211 20 370
56 8 105 16 219 20 394
89 8 124 16 238 20 417

Table 5. Change in mean crack width over three months.

80 days @ 23◦C 89 days @ 60◦C

SL GL BL SO GO BL

Change (µm) −13 13 165 73 115 158
Change (%) −15 17 72 143 93 61

the thermoplastic bars. Crack width growths over
roughly three months of loading at both tempera-
tures are compared in Table 5, where it can be seen
that the steel and thermoset bars had negligible crack
growth at 23◦C. Each of these bars had greater crack
growth at the higher temperature. The thermoplastic
bar had the most crack growth on a numerical basis
at either temperature, yet the amount of growth was
not significantly affected by the 37◦C temperature
difference.

4.2 Bond parameter

Raw crack widths, while useful in and of themselves,
are not an appropriate metric for evaluating bond
behavior across different types of bars because of dif-
ferences in the longitudinal moduli of elasticity of
the bars, as explained earlier. Therefore, subsequent
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Figure 3. Bond parameter for steel bar at 23◦C (SL).
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Figure 4. Bond parameter for thermoset GFRP bar at
23◦C (GL).
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Figure 5. Bond parameter for thermoplastic bar at
23◦C (BL).

discussions focus on the nondimensional bond con-
stant, kb, defined in equation (2).

Figures 3–5 show kb over a 320-day loading period
at 23◦C. It can be seen that kb for the SL and GL beams
did not change significantly during this time period.
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Figure 6. Bond parameter for steel bar at 60◦C (SO).
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Figure 7. Bond parameter for thermoset GFRP bar at
60◦C (GO).

Assuming constant values of kb for these cases, the
mean values for the steel and thermoset bars are 1.09
and 0.35, respectively. A value of kb near 1.0 for a
steel bar is expected according to the theory behind
the modified Gergely–Lutz equation (ACI 440 2003).
The value of 0.35 for the thermoset bar indicates less
bond slip in comparison to the steel bar. The best-fit
value of kb for the thermoplastic bar begins near 0.83
(slightly less bond slip versus the steel bar) and grows
in an exponential manner to a value of about 1.6 (more
bond slip than steel). The three-parameter exponential
type of equation fit to the thermoplastic bar data in
Figure 5 was selected simply to illustrate the trend in
the available data and is not meant to imply a particular
bond slip mechanism or longer term trend.

Figures 6–8 illustrate trends of kb over 89 days of
testing at 60◦C for the three types of bars. Differences
between the 0-time data in these figures versus the
0-time data in Figures 3–5 for 23◦C tests reflects the
extent of crack width scatter among different groups of
specimens before immersion into their respective test-
ing environments. In the high temperature specimens,
the best-fit initial kb value for steel was only 0.69,
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Figure 8. Bond parameter for thermoplastic GFRP bar at
60◦C (BO).

which is substantially less than the expected value of
1.0. The best-fit initial values of 0.48 and 0.93 for kb
of the thermoset and thermoplastic bars, respectively,
were comparable to initial values observed among
their respective counterparts in the 23◦C tests.

One immediately apparent conclusion that can be
drawn from the trends in kb at 60◦C is that bond slip
increases over time for all three types of bar, includ-
ing steel, as evidenced by increasing kb. After three
months at load, the values of kb for the steel bar sta-
bilize to a greater extent than those for either GFRP
bar. This result suggests that the contribution of con-
crete to bond slip nearly ended in three months, since
it is unlikely that steel itself contributes measurably to
bond slip at 60◦C. By extension, one can conclude that
time-dependent bond slip mechanisms in the GFRP
bars are active for at least three months at 60◦C.

Table 6 summarizes the average values of kb
recorded initially and after about three months under
load (80 days for 23◦C and 89 days for 60◦C). As
one would expect, the percent change in kb over three
months for a given type of bar is identical, within
round-off error, to the corresponding percent change in
crack width in Table 5. Comparing values of kb across
bar types gives new information about bond that can-
not be discerned by considering only crack widths,
however. In particular, kb values for the thermoset bars
are the lowest of the three bars initially and after three
months of testing at either test temperature. While the
thermoplastic bar had a higher kb value than the steel
bar initially, the thermoplastic as well as thermoset
GFRP bars had lower kb values than steel after three
months of 60◦C testing.

The best-fit equations for kb based on all the exper-
iments are compared in Figure 9. It can be concluded
that, at the 23◦C test temperature, the thermoplas-
tic bars demonstrated time dependent bond slip that
was not evident in either steel or thermoset bars,
although further bond slip had nearly ceased after 10
months of loading. After three months of loading at

Table 6. Change in mean kb over three months.

Temp (◦C) Initial 3 month Change % Change

SL 23 1.21 1.04 −0.17 −14
GL 23 0.28 0.33 0.05 18
BL 23 0.84 1.44 0.60 71
SO 60 0.69 1.69 1.00 145
GO 60 0.46 0.89 0.43 93
BO 60 0.95 1.53 0.58 61
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Figure 9. Best-fit equations for kb for all experiments.

60◦C, bond slip with the steel bar had nearly stopped,
whereas it continued to increase with both GFRP bars.
Bond slip was significantly less with the thermoset
GFRP bar than with the thermoplastic bar at both test
temperatures.

5 DISCUSSION

While there is abundant evidence that the strength and
stiffness of mechanical interlock play prominent roles
in the bond slip behavior of FRP reinforcement inside
of concrete (eg. Bakis et al. 1998), some underlying
complications operating in the present set of experi-
ments carried out at various temperatures should be
mentioned. For instance, the radial pressure induced
at the interface between concrete and an internal bar
due to a temperature change varies in direct proportion
to the difference in coefficients of thermal expansion
(CTE) and the individual transverse moduli of the bar
and concrete (Gentry and Husain 1999). The isotropic
CTEs of concrete and steel are both in the range of
10–11 µε/◦C, whereas the longitudinal and transverse
CTEs of undirectionally reinforced GFRP bars are typ-
ically 6–8 µε/◦C and 30–40 µε/◦C, respectively. The
difference in longitudinal CTEs of the GFRP bars and
concrete is considered insignificant for the present dis-
cussion. In the transverse direction, however, the CTE
mismatch is significant for GFRP bars. Based on a
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simple friction argument, it can be easily imagined
that interfacial pressure and, therefore, resistance to
bond slip, increases with GFRP reinforcements when
the temperature increases, whereas not much change
in transverse pressure is expected with steel reinforce-
ment. Clearly, if such a “tightening” mechanism was
operative in the present set of elevated temperature
experiments, it was overridden by contrary mecha-
nisms such as elastic softening and time dependent
creep and relaxation of the interfacial region of the
concrete and GFRP bars. Supporting observations of
degraded bond behavior at elevated temperatures were
made by Katz and coworkers using pull-out tests of
GFRP reinforcements in concrete (Katz et al. 1999).

Another mechanism that could increase the bond
slip of GFRP bars in comparison to steel is Poisson’s
effect. In the present investigation, longitudinal strains
were roughly four times greater in the GFRP bars than
in the steel bars, despite slightly lower bar forces in
the former. Since the Poisson’s ratios for steel and uni-
directionally reinforced GFRP bars are both near 0.3,
the transverse contraction and consequent loss of fric-
tional bond strength can therefore be expected to be
greater in the GFRP bars than in the steel bars regard-
less of temperature. Since the experimental data do
not support this hypothesis, however, it cannot be con-
cluded that the Poisson effect is a major governing
mechanism for slip at flexural cracks in the short or
long term.

6 CONCLUSIONS

The findings presented in this paper, though prelimi-
nary in scope and limited to the particular materials,
geometries, and temperatures investigated, provide
new information on the flexural bond slip behaviors of
two types of GFRP reinforcement bars as they relate
to crack width in concrete beams under a sustained
moment loading. Bond behavior was characterized in
terms of a non-dimensional parameter in the Gergely–
Lutz equation, kb, which is normally assumed to be 1.0
when bond slip at flexural cracks is similar to that of
deformed black steel reinforcement, greater than 1.0
when bond slip exceeds that of steel, and less than 1.0
when bond slip is less than that of steel.The kb values in
these conclusions refer those obtained by best-fitting
smooth curves to the data.

After 310 days 23◦C, one beam with a steel bar had
an invariant kb of 1.09, one beam with a thermoset
GFRP bar had an invariant kb of 0.35, and two beams
with thermoplastic GFRP bars had kb values increasing
from 0.83 to 1.57 over the test duration. Thus, of these
three bar types, only the thermoplastic GFRP bar had
time dependent bond slip at 23◦C. However, even the
thermoplastic bar reached a nearly steady value of kb
after 310 days at load.

All beams tested for 89 days at 60◦C had kb val-
ues increasing over the test time: 0.69–1.60 for steel;
0.48–0.86 for thermoset GFRP; and 0.93–1.54 for
thermoplastic GFRP. Only the beams with steel bars
reached a nearly steady kb value in the 89 days of test-
ing at 60◦C. The values of kb in both GFRP bars were
still increasing at the conclusion of the 60◦C test, albeit
at a much lower rate than initially.

The thermoplastic GFRP bar demonstrated the
highest or nearly the highest values of kb of all bars
tested and also the least dependence of kb on temper-
ature. The thermoset GFRP bar had the lowest values
of kb for both test temperatures.

For future research, it is recommended that sus-
tained load on beams with various designs (eg.,
reinforcement ratios, confinement), types of reinforce-
ment, and load levels be used to determine crack
widths over longer times to better characterize the
time dependent bond parameter, kb, and to broaden
the database currently available to designers.Addition-
ally, more temperatures should be used to determine
the functional form of temperature dependence of kb.
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Load–deflection response of high strength concrete beams pretensioned
by carbon fibre reinforced polymers

Patrick X.W. Zou
The University of New South Wales, Sydney, Australia

ABSTRACT: The high tensile strength and non-corrosion nature of carbon fibre reinforced polymers (CFRP)
make it suitable to prestressing concrete structures. This paper presents the test results of the load–deflection
responses of ten high strength concrete beams pretensioned by CFRP tendons. Furthermore, a theoretical pre-
diction of load–deflection response is also presented as a comparison to the experimental results. It is concluded
that the load–deflection relationship of high strength concrete beams pretensioned by CFRP is in a bi-linear
fashion that is linear before cracking and linear after cracking but with a reduced sectional stiffness. It is also
concluded that finite strip strain compatibility method is a suitable means for predicting the load–deflection
responses of such beams. Furthermore, the residual deflection of CFRP prestressed beams is about 10–15% of
the original deflection and the energy stored in the beam was mainly elastic until failure.

1 INTRODUCTION

The problem of corrosion of steel reinforcement/
tendon in concrete structures has led to researchers
in searching for alternative reinforcements or ten-
dons. Fibre reinforced polymers (FRP), with its non-
corrosive nature and high tensile strength make itself
suitable for such purpose. Some research has been
conducted in this topic (Abbdelrahman 1995, Abb-
delrahman and Rizkalla 1995, Fam 1995, Park and
Naaman 1999, Naaman 2003,Agyei et al 2003 and Zou
2003), however, in order to understand the behaviour
of FPR reinforced or prestressed concrete beams and
to develop a comprehensive design guideline, further
research is still needed (ACI 440 2003). Furthermore,
since CFRP has a tensile strength as high as up to
3000 MPa (Abbdelrahman 1995, Zou 2003), it would
seem logical to consider using higher strength con-
crete in conjunction to CFRP tendons. This paper is
therefore focused on the behaviour (such as load–
deflection responses) of high strength concrete beam
pretensioned by CFRP tendons.

2 EXPERIMENTAL PROGRAM

This section describes the processes of constructing
the beams and the test set-up for both sustained service
load and ultimate flexural strength tests.

2.1 Beam construction

Ten full-scale beams with rectangular cross-sections
(300 mm deep by 150 mm wide) and with spans of

150

2 CFRP Leadline rods or
2 of 9.3 mm steel strands

85

30
0

Figure 1. Cross sectional details of 6.4 m long beam with
CFRP/steel tendon.

6000 mm (overall length is 6400 mm) were fabricated
and tested in the study (Figure 1).

The beams contained only two CFRP rods (or 2
steel strand) and no stirrups nor other longitudinal
reinforcement. A particular type of CFRP rods (trade
name “Leadline”), with slightly indented surface,
8 mm in diameter with a manufacturer guaranteed
tensile strength of 2250 MPa and elastic modulus of
147,000 MPa was used in eight of the beams. 7-wires
steel strand, with smooth surface, 9.3 mm in diame-
ter with the tensile strength of 1860 MPa and elastic
modulus of 200,000 MPa was used in the other two
beams for comparison purpose. The eccentricity of the
tendons was 85 mm along the beams. The two CFRP
rods or steel strands were stressed to the range 40–
60% of the manufacturer’s guaranteed tensile strength
to achieve a total jacking force of range 80–120 kN.
All beams were pretensioned in 8 m long prestressing
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Table 1. Beam specification.

ID Beam designation f ′
c (MPa) Ec (GPa) Pj (kN)

1 C40-80-S 45 32.2 83.8
2 C80-120-S 77 48.7 114.6
3 C80-120-L-U 74 40.5 122.3
4 S80-120-L-U 74 40.5 125.3
5 C40-120-L-U 52 38.1 123.1
6 S40-120-L-U 52 38.1 124.5
7 C40-80-L-U 45 32.2 82.3
8 C80-80-L-C 77 48.7 74.9
9 C40-80-L-C 37 27.3 79.3

10 C40-120-L-C 37 27.3 121.9

bed. Load cells were used to monitor the prestress in
the tendon from the time of prestressing till the release
(transfer) of prestress. Commercial ready-mixed con-
crete with a 28-day characteristic compressive strength
of either 40 MPa or 80 MPa and a slump of 100 mm
was used. The beam details including their designa-
tion, the initial prestressing force, concrete properties
are listed in Table 1.

The specifications of the beams are as follows (see
Table 1): the first letter “C” or “S” indicates the type
of tendon used in the beam (“C” for CFRP and “S” for
steel). The first digital number represents the concrete
strength in MPa, and the second digital number refers
the total prestress in the tendon before the release in
kN. The letter “L” following the second digital number
indicates that the beams have been subjected to long-
term sustained service load. The letter following “L”
(i.e. the last letter) indicates the cracking situation of
the beam (“C” for cracked, ‘U” for uncracked) under
the long-term service tests.

The prestressing force was transferred to the con-
crete by cutting the rods/strands at concrete age 9 days.
The beams were simply supported immediately after
the transfer of prestress and deflection and strain
measurements commenced.

2.2 Test set up

Beam C80-120-S was tested to failure at the age of
57 days and Beam C40-80-S was tested at 100 days
to obtain load–deflection response and ultimate flex-
ural strength (note apart from their self-weight these
two beams did not subject do any sustained service
load prior to this test). The deflections at midspan
were measured using a LVDT linked to a computer
and the concrete strains at midspan were measured
using a demec gauge and/or a LVDT.

The other eight beams were loaded with a sustained
service load, in the form of two concentrated point
loads, 1 meter or 2 meters apart, and centrally located
in the span. The bending moment at midspan created
by this load varied from slightly less than the crack-
ing moment to about 1.2 times the cracking moment

Figure 2. Ultimate flexural test set up.

at midspan for different beams. This sustained service
load was maintained for at least 250 days. Two points
should be noted here. One is that Beams C40-120-L-U
and S40-120-L-U were subjected to two stages of load-
ing, the first loading stage was maintained for a period
of 259 days (where the beams remained uncracked dur-
ing this period). At this time, more load was added so
that the beams cracked and were then monitored for
a further period of 260 days. The second point is that
Beam C40-80-L-C was quite heavily loaded (about 1.4
times the cracking moment) for experimental purpose
and this level of loading may not be appropriate in the
real structural applications at service load level.

During the sustained service load tests, deflections
at midspan and quarter span were measured using dial
gauges while the crack width was measured using a
microscope with a magnification factor of 40. The
cracking behaviour in terms of number of cracks, crack
height and crack spacing were also recorded. The slip-
page of the tendon at the ends of each beam was
monitored using dial gauges. The beams were then
loaded to failure for the ultimate flexural behaviour.

The test results of the sustained service load condi-
tion have been reported in Zou (2003) and this paper
will concentrate on the results of the load–deflection
response under the ultimate flexural testing. Figure 2
shows the ultimate flexural test set up. During the tests,
most beams were subjected to between 5 and 10 cycles
of slow loading to study the ability of recovery of
deflection and energy absorption. The unloading was
carried out at first cracking, then at deflections of 15,
25, 40, 60, 80, 100, 120 mm, and finally immediately
before failure.

3 RESULTS AND DISCUSSIONS

The experimental results of the concrete beams
prestressed by CFRP rods with different concrete
strengths are presented in this section. In addition, two
comparisons are made: comparison of load–deflection
response of beams prestressed by CFRP rod to those
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Figure 3. Load–deflection of Beam C80-120-S.

by steel strands and the comparison between the exper-
imental results to the theoretically calculated results.
Furthermore, effect of level of prestressing, concrete
strength, sustained service load on ultimate flexural
strength are also discussed.

Generally, the beams prestressed by CFRP had a lin-
ear load–deflection relationship before cracking. The
beams cracked near the predicted cracking–loading
levels. After cracking, these beams showed a reduced
stiffness but still followed a linear load–deflection rela-
tionship up to failure. This was because of the linear
stress–strain relationship of the CFRP tendon up to
failure. The general observation in flexure of each
beam is described below.

3.1 Beam C80-120-S

The load–deflection relationship of this beam is shown
in Figure 3.A bilinear load–deflection relationship was
observed up to failure. The deflection increased lin-
early with an increase of load before cracking. The
beam cracked at a load of 19.6 kN. With an increase
of load, the deflection increased more rapidly but still
followed a linear relationship up to failure. The num-
ber of cracks increased with the increase of load. At a
load of 22.8 kN, the two cracks in the constant moment
zone propagated to a height of 150 mm from the soffit
of the beam. With a further increase in load, these two
cracks bifurcated and extended at an angle of about
30◦ to the longitudinal axis of the beam.

The flexural-shear cracks outside the constant
moment zone developed towards the loading points
from both sides. Near ultimate, there were nine cracks
in the beam with a maximum height of about 270 mm.
The crack spacing was in the range of 300 to 500 mm.
The maximum crack width was more than 4 mm (at
the soffit of the beam). The failure load was 47.8 kN
and the ultimate deflection was 131.5 mm (1/46 of the
span).

At the point of failure, a horizontal crack devel-
oped at the tendon level and the concrete below the
tendon spalled. This was because the release of the
elastic energy stored in the beam upon the rupture of

the CFRP rods (as discussed later the energy stored in
the beams was mainly elastic). The CFRP rods were
debonded from the concrete and the surface between
the concrete and the CFRP rods was quite smooth.
This indicates that the friction component of the bond
strength maybe inferior to that steel or sand coated
AFRP.

It should be pointed out that the failure was caused
by the rupture of the CFRP rods at the section where
the major flexural-shear crack developed. In other
words, the failure was caused by the bending moment
together with the shear force. According to the shear
strength calculation using the current code method,
the beam should not have failed in this manner. This
indicated that the dowel action of the CFRP rod was
lower than that of steel due to its lower transverse
stiffness/strength. More discussion on this aspect fol-
lows at later sections.

The ratios of residual deflection to original deflec-
tion after unloading were approximately the same for
different deflection levels and it was about 10 to 12%.
This meant that the energy stored in the beam was
mainly elastic. This elastic energy is responsible for
the horizontal crack development after the rupture of
the CFRP rods. The unloading path did not follow the
initial loading path. The stiffness of unloading path
was slightly higher the loading path. Close to complete
unloading the stiffness increased rapidly approaching
the initial stiffness.

3.2 Beam C40-80-S

The initial prestressing force in this beam was 83.8 kN
and the concrete strength was 45 MPa. The beam
cracked first at a load of 13.6 kN in the constant
moment zone. With an increase in load, one more crack
appeared within the constant moment zone and two
more appeared just near the loading points. The num-
ber of cracks increased as the load increased; so did the
height of the cracks. Two cracks in the centre region
bifurcated at a height of 150 mm at a load level of
15.9 kN while the other two cracks bifurcated at about
200 mm height from the soffit at a load level of 19 kN
(Figure 4). There were 10 cracks in the beam near ulti-
mate and the crack spacing was in the range of 230 to
440 mm. The beam failed at a load of 37.7 kN with a
corresponding deflection of 137 mm. The failure was,
however, caused by a flexural-shear crack propagating
up to the top of the beam near the loading point. This is
a typical flexure-shear failure.There was no horizontal
crack found after the rupture of the CFRP rods.

3.3 Beam C40-80-L-U

This beam was subjected to a service load (60% of
the cracking load) for 330 days before being tested
to ultimate. At a load of 17 kN, the beam cracked
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Figure 4. Load–deflection of Beam C40-80-S.
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Figure 5. Load–deflection of Beam C40-80-L-U.

at one of the loading points. At this point the beam
was unloaded in order to install the LVDT for measur-
ing crack widths. Upon reloading to a load of 18 kN,
two new cracks formed in the constant moment zone.
At a load of 19 kN, one more crack formed and the
deflection reached 15 mm. The beam was unloaded
again and the residual deflection was 1.6 mm. How-
ever, one new crack appeared after reloading back to
19 kN. Additional cracks formed at increasing loading
levels.The beam was subjected to seven cycles of load-
ing and unloading and the residual deflections were
about 10 to 15% irrespective of the original deflection
levels. The failure was caused by flexural-shear crack-
ing near the loading point. At failure, there were 13
cracks in the beam. The ultimate load was 43 kN and
the ultimate deflection was 152.5 mm (Figure 5).

The concrete strains at the top fibre and at the ten-
don level were 0.00182 and −0.0106 respectively. It
should be pointed out that the load–deflection relation-
ship was recorded manually during the test since the
computer collected data were lost due to a technical
problem in the computer system.

3.4 Beam C80-120-L-U

Before being tested to failure, this beam was subjected
to a sustained service load in the form of two point
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Figure 6. Load–deflection of Beam C80-120-L-U.

loads, applied 2 m apart at the centre of the beam. Five
fine cracks appeared two weeks after the application
of the sustained service load. When tested to ultimate,
the load was applied to the beam using two equal point
loads 500 mm apart in the centre. The existing cracks
first opened at a load of 6 kN. The number of cracks
increased to 12 at the ultimate state. A 5 m long hor-
izontal crack appeared at the tendon level upon the
rupture of the tendon. The concrete below the tendon
level spalled off. The failure was caused by the shear
force cutting off the tendons near the loading point on
one side of the beam. The ultimate load was 42 kN and
the ultimate deflection was 142 mm or 1/42 of the span
as shown in Figure 6. The maximum crack width was
about 5 mm at failure and the crack spacing was in the
range of 230 to 450 mm while the height of the crack
was more than 270 mm near failure.

3.5 Beam S80-120-L-U

This beam contained two 9.3 mm 7-wire steel strands
with an initial prestressing force of 125.5 kN. The
concrete strength and the loading history were the
same as that of Beam C80-120-L-U, but the beam
was uncracked before being tested to ultimate. The
test set up for ultimate testing was identical to Beam
C80-120-L-U.

Two cracks with a height of 120 mm appeared
simultaneously in the constant moment region at a load
of 17 kN.The mid-span deflection at the first crack was
7.8 mm. One more crack appeared at a load of 18 kN.
These cracks bifurcated at a height of 150 mm from
the soffit of the beam. Three more cracks appeared at
load levels of 21, 23 and 27 kN. Near ultimate, at 30
and 31 kN of loads, two fine cracks occurred at the
shear span. With an increase of load, the crack located
inside the constant bending moment zone developed
as wide as 10 mm and more than 250 mm in height,
and led to the rupture of the steel strand at this section.

The residual deflection increased with increase of
deflection level, from 7% at 40 mm deflection to 32%
at 143.8 mm (close to ultimate), as shown in Figure 7.
This indicated that the energy was consumed more and
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Figure 7. Load–deflection of Beam S80-120-L-U.
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Figure 8. Load–deflection of Beam C80-80-L-C.

more by the beam with an increase of deflection (espe-
cially after the steel yielded), i.e. the elastic energy
stored in the beam became less and less towards the
ultimate state.At ultimate, there were eight cracks over
the length of 2.5 m and the spacing ranged from 200
to 540 mm. No horizontal crack appeared and no con-
crete spalled off the beam after the rupture of the steel
strands. The deflection at ultimate was 143.8 mm.

3.6 Beam C80-80-L-C

There were seven cracks in the beam due to the sus-
tained service load which was greater than the cracking
load. No new cracks formed and the crack height did
not increase up to a load of 25 kN. Four new cracks
developed as the load was increased from 25 kN to
50 kN (ultimate). The total number of cracks at ulti-
mate was 11. The maximum crack width at midspan
was 3.7 mm. The deflection at ultimate was 170 mm
or 1/35 of the span (Figure 8).

A 4 m long horizontal crack occurred at the ten-
don level at failure, but at this point the tendons were
not completely ruptured.The residual deflections were
only about 15% of the original deflections. The failure
was initiated by a flexural-shear crack forming near
one loading point. The concrete strain at the top fibre
at mid span near failure was about 0.002.
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Figure 9. Load–deflection of Beam C40-80-L-C.

3.7 Beam C40-80-L-C

The beam was loaded under a service load equal to
1.6 times the cracking load for 270 days before being
tested to failure and 10 cracks with the maximum
height was 230 mm appeared in the beam due to this
load. Figure 9 shows the load–deflection response.
When tested under two point loads, the beam deflected
15 mm at a load of 7 kN. The beam showed a linear
load–deflection relationship. One new crack devel-
oped at a load of 27 kN. The beam failed at a load of
35 kN with a corresponding deflection of 165.4 mm.
The concrete strain at the top fibre was 0.00252. The
failure of the beam was caused by the rapid develop-
ment of a flexural-shear crack located 750 mm away
from the loading point. At this stage, the CFRP rods
did not rupure but the concrete spalled off.

The residual deflections were low after unloading at
different deflection levels as shown in Figure 9, being
about 10% of the original deflection up to 100 mm.
With increasing deflection, the residual deflection only
increased to about 15% near ultimate. This indicated
that the energy stored in the beam was mainly elastic
energy.

3.8 Beam C40-120-L-C

The prestressing force in this beam was 50% higher
than that of Beam C40-80-L-C. The beam was sub-
jected to a sustained service load equivalent to 1.2
times its cracking load for 270 days before being tested
to failure. There were six cracks in the beam during the
long term testing. When tested to failure, two point
loads were applied to the beam 460 mm apart at the
centre region.

The two cracks at the constant moment zone opened
at a low load level. The flexural-shear cracks also
opened and developed towards the top and inclined
to the loading point with the increase of load. Two
flexural-shear cracks developed quickly on one side
of the beam at the loading level of 30 kN. At a load of
37 kN, the beam failed by rupture of the CFRP rods in
the flexural-shear section and the deflection at failure
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Figure 10. Load–deflection of Beam C40-120-L-C.

was 148.3 mm (or 1/40 of the span). The failure was
quite sudden and accompanied by a loud noise. Apart
from the six cracks due to the sustained load, three
more cracks appeared at loads of 26, 29 and 33 kN.The
residual deflections at different deflection levels were
small, about 13% at 140 mm deflection (Figure 10).
This meant that the energy restored in the beam was
mainly elastic energy.

3.9 Comparison of tested to predicted
load–deflections of beams prestressed
with CFRP tendons

A strain compatibility approach and a finite strip
method is suitable to predict the flexural response of
beams with FRP tendons. In this approach, the cross-
section is divided into a number of strips. The concrete
is assumed to be subjected to uniaxial strains uniform
over the entire width of the section, and the strains
are linear over the depth of the section, which means
that plane sections remain plane after bending. Perfect
bond between the tendon and concrete is assumed.This
method is widely used for prestressed concrete beams
and is described in many textbooks (e.g. Collins and
Mitchell, 1991). From the flexural response, the crack-
ing moment, deflection at first crack, ultimate load and
deflection at ultimate can be determined.

The load–deflection relationships of Beams C40-
80-S and C80-120-S were predicted using the strain
compatibility approach described previously. Figure
11 (a) shows the comparison of the predicted curve
to the curve obtained from the experiment of Beam
C40-80-S. It is clear that the predicted curve is in
good agreement to the experimental results. It should
be pointed out that the LVDT was removed before the
beam failed to prevent the possible damage. This is
why the theoretical curve extended longer than the
experimental curve.

Similar to Beam C40-80-S, the load–deflection of
Beam C80-120-S is also predicted using the same
method and the comparison between the predictions
and the experimental results is shown in Figure 11 (b).
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Figure 11. Comparison of predicted and tested
load–deflection.

Figure 12. Cracking pattern and failure mode.

It can be seen that before cracking, the theoretical pre-
diction was slightly less than the test values, however,
after cracking, the prediction slightly overestimate the
measured deflection but the difference was very small.
In general, the load–deflection of beams prestressed
by CFRP rod tendons can be predicted using the strain
compatibility method, for both normal strength and
high strength concrete.

3.10 Cracking behaviour

All beams first cracked near the theoretically predicted
loading level in the pure flexural region (Figure 12).
The cracks extended upward with an increase of
load and the number of cracks also increased. At
high loading levels, a major flexure-shear crack near
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the loading point developed leading to the failure of
the beams. A horizontal crack at the tendon level also
developed after the rupture of CFRP rods in most of
the beams this was due to the release of the energy
when the tendons snapped and part of the energy was
absorbed by the concrete. This observation was also
confirmed by Abbdelrahman (1995). An inspection of
the beams after failure showed that the tendons were
completely debonded from the concrete. The surface
between the CFRP rods and the concrete was quite
smooth. This indicated that the friction component in
bond strength was not sufficient. However, no slip
was recorded from the dial gauges attached to the
tendons at the end of the beams up to failure. The
number of cracks was about 10 to 12 at ultimate in all
beams despite the difference in concrete strength and
prestressing force in each beam. The crack width at
ultimate was as high as 5 mm. The crack spacing in
beams with CFRP were similar to that in beams with
steel strand, about 300 to 500 mm.

3.11 Failure mode

The failure of the beams prestressed by CFRP rods was
due to the development of flexural-shear cracks near
the loading point (i.e. due to shear) while the beam pre-
stressed by steel failed due to the rupture of steel in the
constant moment zone (refer Figure 12). According to
the shear strength calculation, these beams should not
have failed in shear. The shear failure modes of the
beams prestressed by CFRP indicated that the dowel
action of CFRP is less than that of steel due to the low
transverse stiffness of the CFRP rods. However, the
depth of neutral axis at ultimate was relatively small in
all cases. The concrete strain at the top fibre reached
0.003 in some cases. The ultimate deflections were
large enough (1/40 of the span) to give a physical warn-
ing. The energy released from the beams prestressed
by CFRP was mainly elastic at failure.

3.12 Ultimate moment of resistance

Table 2 summarised the test results of Beams C40-80-
S and 80-120-S, together with the theoretical values. It
can be seen that the test results are in close agreement
with the calculated values. The failure of the beams
prestressed by CFRP was due to the rupture of the
CFRP rods in the shear span as described above.

3.13 Residual deflections

The residual deflections when unloaded after first
cracking were relatively small for all beams. The
residual deflections as a percentage of the original
deflection after each loading cycle are plotted against
the original deflection level in Figure 13. The residual

Table 2. Comparison of test results and theoretical values
of beams with CFRP.

Beam ID C40-80-S C80-120-S

Cracking load, Pcr, exp. (kN) 13.6 19.6
Cracking load, Pcr, theo. (kN) 15.5 18.7
Ultimate load, Pu, exp. (kN) 37.7 47.8
Ultimate load, Pu, theo. (kN) 35.4 46.2
Deflection at first crack, 5.64 6.25
	cr, exp. (mm)
Deflection at ultimate, 137 131.5
	u, exp. (mm)
Pu, exp./Pcr exp. 2.77 2.44
	u, exp./	cr exp. 24.29 21.04
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Figure 13. Residual deflections of beams prestressed by
CFRP and by steel.

deflections were only about 10 to 12% of the origi-
nal deflection which means the beams prestressed by
CFRP showed a very good recovery when unloaded at
different levels. Beam T-4-0.5-V tested by Abbdelrah-
man (1995) also resulted in a residual deflection equal
to 11.4% of the original deflection when unloaded
at 91.8 mm of deflection. This behaviour is attributed
to the linear elastic stress–strain behaviour up to the
failure of the CFRP tendon. The high recovery of
deflection behaviour is an advantage in terms of ser-
viceability, but is a disadvantage in term of energy
absorption at the ultimate limit state, i.e. more energy
will be released at failure when the failure was caused
by rapture to tendons. From the figure, for the beams
prestressed by CFRP, it is accurate enough to assume
that the residual deflection is in the range of 8 to 15%
of the original deflection when unloaded. The elastic
and inelastic energies can be calculated based on this
residual deflection.

In the case of beams prestressed by steel, before the
steel yielded, the residual deflection was also about
12% of the original deflection. However, after the steel
yielded, the level of residual deflection (in terms of
percentage of original deflection) increased rapidly up
to 35% of the original deflection.
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Figure 14. Comparison of load–deflection of beams
prestressed by CFRP and steel.

3.14 Comparison of beams prestressed by CFRP
rods and by steel strands

3.14.1 Load–deflection relationships
The load–deflection relationship of the beam pre-
stressed by CFRP (Beam C80-120-L-U) is compared
to the beam prestressed by steel (Beam S80-120-L-
U) in Figure 14. The behaviour of the two beams was
similar before cracking. Both beams cracked at similar
load levels. After yielding of the steel, the deflection
of Beam S80-120-L-U increased rapidly while there
was not much increase in load. The Beam C80-120-
L-U showed a different behaviour. The load continued
to increase with in increase of deflection up to fail-
ure. This is due to the stress–strain relationship of the
CFRP being almost linear up to failure.This behaviour
led to Beam C80-120-L-U reaching a higher load car-
rying capacity at ultimate than Beam S80-120-L-U,
although the area of tendon and the total breaking force
was similar for both beams.

As describe previously, before the steel strands
yielded, the recovery of deflections (or residual deflec-
tions) was similar for both beams. After the steel
yielded, the beam prestressed by steel showed more
residual deflection, i.e. the recovery of deflection was
as good as for the beam prestressed by CFRP. Again,
this is because the stress–strain relationship of the
CFRP is linear up to failure. This indicates that at ulti-
mate, the energy stored in the beam prestressed by steel
strands is mainly inelastic while it is mainly elastic in
the beam prestressed by CFRP rods.

3.14.2 Crack widths
Figure 15 shows the development of the width of a
major crack in the constant moment zone for both
beams. For the loads in the range corresponding to
first cracking until the steel yielded in Beam S80-120-
L-U, Beam C80-120-L-U had a larger crack width than
Beam S80-120-L-U at the same loading level. This is
because the Young’s modulus of CFRP is lower than
that of steel. After the steel yielded, the crack width
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Figure 15. Comparison of load–crack width of Beams
C80-120-L-U and S80-120-L-U.

of Beam S80-120-L-U developed very rapidly while
the crack width in Beam C80-120-L-U developed at a
constant rate up to failure. At ultimate, the crack width
in Beam C80-120-L was about 5 mm while Beam
S80-120-L-U reached 10.7 mm. The load–crack width
relationship of Beam C80-120-L-U may be described
as linear while it is non-linear for Beam S80-120-L-U.
The recovery of crack width of Beam S80-120-L-U
was good before the steel yielded and it was poor after
the steel yielded. However, the recovery of the crack
width of Beam C80-120-L-U was good up to failure.

3.14.3 Failure mode
The failure of the beam prestressed by steel strands
(Beam S80-120-L-U) was due to the rupture of the
steel strands in the constant moment zone. This is
because of the beam was under-reinforced and the
concrete strength was as high as 75 MPa. In the case
of Beam C80-120-L-U, the failure was due to the
rapid development of the flexural-shear crack located
500 mm away from the loading point. At ultimate state
Beam C80-120-L-U deflected 152 mm with the load of
42 kN, while Beam S80-120-L-U deflected 143.8 mm
with a load of 32 kN.

3.15 Effect of concrete strengths

The effect of concrete strengths on the load–deflection
behaviour for the Beams prestressed by CFRP rods is
shown in Figure 16. The cracks in beam C40-80-L-C
were much more extensive than that in beam C80-80-
L-C under the sustained service load in terms of both
crack width and crack height. There were 10 cracks in
Beam C40-80-L-C and only 7 in Beam C80-80-L-C
when they were subjected to the UDL. The deflection
was smaller at the same loading level when higher
concrete strength was used. However, the ultimate
deflections were not affected much by the concrete
strength. At the ultimate state, the number of cracks
was the same for both beams and the crack spacing
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Figure 16. Comparison of beams with different concrete
strengths.

0

10

20

30

40

50

60

0 30 60 90 120 150 180
Deflection (mm)

L
oa

d 
(k

N
)

C40-120-L-C
C40-80-L-C

Figure 17. Comparison of load–deflection of beams with
different prestress.

was also similar, ranging from 250 to 400 mm. With
the higher concrete strength, the maximum crack width
reduced from 4.3 to 3.7 mm (14% reduction). The con-
crete strain at the top fibre was reduced from 0.0025 to
0.002. At failure, the CFRP rods in Beam C40-80-L-
C were not cut off and no horizontal cracks appeared
in the beam. However, the CFRP rods in Beam C-
80-80-L-C ruptured at the flexure-shear section and a
4 m long horizontal crack appeared at the level of the
tendons after the rupture of the CFRP.

3.16 Effect of level of prestressing force

The effect of the level of prestressing force on load–
deflection relationship can be seen by comparing the
load–deflection of Beams C40-80-L-C and C40-120-
L-C as shown in Figure 17.

The cracking was more extensive in Beam C40-80-
L-C than that in Beam C40-120-L-C due to sustained
service load before being tested to the ultimate. With
a higher prestressing force, the deflection at the same
loading level was lower but the residual deflection was
similar for both beams after unloading. The deflection
at ultimate of beam with higher prestress was slightly
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Figure 18. Comparison of load–deflection of Beams
C40-80-S and C40-80-L-U.

less than the beam with lower prestressing force. The
crack width was smaller at a higher prestressing force
at the same loading level but was similar at ultimate.

3.17 Effect of sustained service load

The load–deflection relationship of Beams C40-80-S
and C40-80-L-U are compared in Figure 18 and the
effect of sustained service load on the ultimate strength
is insignificant. The stiffnesses before and after crack-
ing were similar for both beams, so was the recovery of
deflection upon unloading. Beam C40-80-L-U failed
at a slightly higher deflection level and this was due to
the creep of concrete with time. The ultimate load was
also slightly higher for beam C40-80-L-U and this was
possibly due to the increase of concrete strength with
time.The number of cracks and the crack spacing were
also similar for both beams.

3.18 Effective sectional stiffness

For the beams prestressed by CFRP rods and without
any additional steel reinforcement, current investiga-
tion showed that the load–deflection behaviour was
linear before cracking and still linear after cracking
with a reduced sectional stiffness. Abbdelrahman and
Rizkalla (1995) also reported similar behaviour in
their studies. Hence for simplicity purpose the load–
deflection behaviour of beams prestressed by CFRP
can be simplified as a bilinear relationship. Given the
slope of the load–deflection curve before cracking is
�0, and the slope of the curve after cracking is �1, the
bilinear behaviour can be modelled by establishing a
simple relationship between �1 and �0:

where a is a factor which depends on the material
properties and the sectional geometry. �0 is easily
determined using the gross sectional stiffness EcIg and
the cracking load Pcr . The present study showed a
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Table 3. Slope of load–deflection curves of concrete beams
prestressed by CFRP.

Beam ID �1/�0 (%) Source

C40-80-S 11.6 Current research
C80-120-S 11.5 Current research
T-4-.5-H 9.8 Abbdelrahman (1995)
R-4-.5-H 14.2 Abbdelrahman (1995)
T-4-.5-V 7.4 Abbdelrahman (1995)
R-4-.5-V 10.3 Abbdelrahman (1995)
T-4-.7-V 8.9 Abbdelrahman (1995)
R-4-.7-V 11.5 Abbdelrahman (1995)
R-2-.5-V 7.5 Abbdelrahman (1995)
TR-1-7.5/7 13.5 Fam (1995)
TR-2-5/1 13 Fam (1995)
TR-3-5/7 13.3 Fam (1995)
LL-4-2B 13.2 Fam (1995)
LL-5-1B 12.8 Fam (1995)
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Figure 19. Comparison of tested and predicted
load–deflection curves of C40-80-S.

is 11.5% for the beams tested as shown in Table 3.
The results obtained by Abdelrahman (1995) and Fam
(1995) are also quoted inTable 3 for comparison. From
this table, it can be seen that the slope after cracking
is in the range of 7.4 to 13.5% of the slope before
cracking. The ultimate load can be easily calculated
using the current code methods, hence the load–
deflection of beams prestressed by CFRP is readily
determined when the slope of the curve after cracking
is known.

Considering a concrete beam prestressed by CFRP
rods, the cracking moment, ultimate moment and gross
sectional stiffness can be easily calculated based on
the material properties and the geometry of the cross
section. Hence the deflection at first cracking is also
obtained. If the slope of the load–deflection curve after
cracking is known, then the load–deflection relation-
ship can be determined. Using Equation 1 and taking
a = 11.5%, the predicted and tested curves of load–
deflection relationships of C40-80-S, are shown in
Figure 19. A good agreement between the test results
and the predicted curves are seen in this figure.

4 CONCLUSIONS

In summary, this study could derive the following
conclusions:

• The load–deflection relationship of beams pre-
stressed by CFRP rods was linear before cracking
and almost linear after cracking with a reduced
stiffness and this is different from the load–
deflection of the beam prestressed by steel. The
slopes of the load–deflection curve before and after
cracking (denoted as �0 and �1, respectively) are
related as follows: �1 = (0.1 ∼ 0.15) �0. Large
deflection near failure of 1/40 of the span of the
beams prestressed by CFRP give sufficient warn-
ing before failure.The residual deflection was about
10 to 15% of the original deflection for beams pre-
stressed by CFRP rods and the energy stored in the
beams was mainly elastic up to failure. In com-
parison, the beam prestressed by steel showed the
residual deflection to be as mush as 35% of the
original deflection.

• The cracking load was in close agreement with the
theoretical value. No slip of tendons was found
at the end of the beams up to failure. The crack
widths in the beams prestressed by FPR t\rods were
larger than that of the beam prestressed with steel
strand, within the service loading level. The num-
ber of cracks of the beams prestressed by CFRP
was 9 to 12 at ultimate and the crack spacing was
in the range of 230 mm to 500 mm with the maxi-
mum height of 270 mm. The crack width was more
than 4 mm at failure. The horizontal crack due to
the rupture of the CFRP rods indicated that the
energy stored in the beam was mainly elastic up to
ultimate.

• The strain compatibility method is suitable for pre-
dicting the load–deflection relationship of beams
prestressed by CFRP rods for both normal and high
strengths concrete.

• An increase of concrete strength led to a higher
cracking load and less deflection at the same load-
ing level. However, neither the total number of
cracks nor the deflection at ultimate was affected
significantly.

• With an increase of the level of prestressing force,
the cracking load increased while the deflection at
ultimate reduced, but the ultimate moment carrying
capacity was not affected.

• There was no evidence that the sustained service
load would affect the ultimate limit state if the beam
did not crack under the sustained service load.

The shear failure of the beams prestressed by CFRP
rods indicated that the dowel action of CFRP in pre-
stressed concrete beams was less than that of steel due
to the low transverse shear strength of CFRP. Further
investigation is needed in this area.
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Predicting the long-term behaviour of concrete beams pretensioned by
fibre reinforced polymers – Part A: a theoretical framework

Patrick X.W. Zou
The University of New South Wales, Sydney, Australia

ABSTRACT: The corrosion-free property of fibre reinforced polymers (FRP) has attracted researchers world-
wide to study the feasibility of using FRP as reinforcement or prestressing tendons in concrete structures. However
the majority of these studies up-to-date have been in the form of experimental. This paper proposes an analytical
method to predict the time-dependent behaviour, including concrete strains, curvature and deflection as well as
loss of prestress, of concrete beams prestressed by FRP tendons, under sustained service load condition.

1 INTRODUCTION

In prestressed concrete flexural members the prestress-
ing force is applied to the concrete in order to reduce
the curvature, the deflection and the extent of crack-
ing. Over a period of time the prestressing force in the
member will progressively decrease due to creep and
shrinkage of the concrete, as well as relaxation of the
tendons, i.e. the loss of prestress increases with time.
The loss of prestress results in a gradual increase in
the deflections which affects the serviceability of the
member.

If FRP tendons are to be used as alternatives to
steel tendons in prestressed concrete, it is impor-
tant to understand the implications and effects on
the time-dependent structural behaviour. The material
properties of the tendons that most affect the service
load performance of prestressed structures are the
elastic modulus Ep and the final percentage relaxation
R (or creep coefficient, φp). Some FRP tendons may
relax or creep more than prestressing steel tendons and
the elastic modulus may be substantially lower than
that of steel. Higher creep in the tendons results in
a greater loss of prestress (due to relaxation), whilst
a lower elastic modulus means that the time depen-
dent deformations of the concrete (due to creep and
shrinkage) cause less loss of prestress.

Many researchers have provided test results indicat-
ing that FRP in fact could be an alternative to steel to
prestress concrete beams (Jeong 1994, Abdrehraman
1995, Abdrehraman and Rizkalla 1995, Brown 1997,
Dolan et al 2003, Zou 2003) at service load level. In
this paper, analytical methods are presented for deter-
mining the short-term and time-dependent behaviour
of fully or partially prestressed cross-sections under
sustained bending and axial force. The Age-adjusted

Effective Modulus Method (AEMM) is used to model
the creep behaviour in the concrete and the relaxation
in the FRP prestressing tendons. A tension-stiffening
model proposed by Zou (2003) which was modified
based on Gilbert (1988) was adopted for the calcula-
tion of the effective section stiffness of the cracked
beams.

2 CROSS-SECTIONAL ANALYSIS METHOD

This section discusses methods of cross-sectional
analysis, including un-cracked and cracked sections.

2.1 Determination of analysis method

Two cross-sectional analysis methods have been con-
sidered here, and these are dependent on the magnitude
of the service load that is applied to the beam. These
are uncracked section analysis, and cracked section
analysis.

The method used to ascertain whether an uncracked
section analysis or a fully cracked section analysis
is to be undertaken is to first calculate the cracking
moment Mcr required to cause flexural tensile cracking
(The moment at which cracking first occurs is called
the cracking moment). If the service moment applied
to the cross-section of the beam Ms is less than the
cracking moment, then an uncracked section analy-
sis is undertaken, otherwise a fully cracked section
analysis must be used.

The cracking moment Mcr is calculated using the
following equation:
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where Pe is the effective prestressing force; e is the
eccentricity of the prestressing tendons based on the
gross cross-sectional properties; fr is flexural strength
of concrete; Ag is gross cross-sectional area; and Zb is
section modulus.

2.2 Short-term analysis of an uncracked
pretensioned section

The short-term analysis of a cross-section can be car-
ried out by transforming the bonded reinforcement into
equivalent areas of concrete and performing a sim-
ple, elastic analysis on the equivalent concrete section.
Consider the transformed section shown in Figure 1.

The area A, the first and second moments B and I
respectively of the transformed section about the top
fibre are given by the following equations:

The ratios np, ns1 and ns2 are the modular ratios of
the prestressing tendon or ordinary reinforcements to
the concrete, and are given by (Ep/Ec), (Es1/Ec) and

B

D

ds1

dp
As1

Ap

As2

(ns1-1)As1

(np-1)Ap

(ns2-1)As2

B

ds2

Figure 1. Actual and transformed uncracked cross-sections.
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Figure 2. Distribution of initial strain and stress of an uncracked section.

(Es2/Ec) respectively. As1 and As2 represent the areas of
additional steel reinforcements at the top and bottom
of the section.

The initial strain and stress distributions of
uncracked sections are shown in Figure 2. The con-
crete strain at top fibre εoi and the initial curvature κi
are given by (Gilbert and Mickleborough, 1990):

and

where the stress resultants Ni and Mi for the cross-
section are

The initial concrete strain and stress at y below the
top fibre are

The corresponding stresses in the tendons and the
reinforcement can be determined using the linear
material properties for FRP prestressing tendon or
reinforcement.

2.3 Short-term analysis of a cracked
pretensioned section

If the applied moment at a section is greater than the
cracking moment at any time t, cracking will occur
and at each crack the concrete below the neutral axis
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is ineffective. The short-term behaviour of the cracked
cross-section may be calculated using a simple elastic
analysis with the following assumptions:

1. Plane sections remain plane and therefore the strain
distribution is linear over the depth of the section.

2. Perfect bond exists between the concrete and FRP
tendons and reinforcements.

3. Instantaneous material behaviour is linear-elastic
for concrete, steel and FRP.

The instantaneous strains and stresses on a cracked
section are shown in Figure 3.

The horizontal equilibrium and moment equilib-
rium can be used in the cross section to find the
concrete strain at top fiber εoi and the depth of neutral
axis dn, that is:

where C, Cs, Ts and Tp may be expressed as functions
of dn and εoi, as follows:

where

B
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Strain at different agesCross-section Stresses and stress resultants after loading

σp

σs1

σs2

dnD

 
At t0 (transfer)

ε0i

At t1 after loading

At t1 before loading

σci

Cs1

Cc

Tp

Ts2

Figure 3. Distribution of strain and stress of a cracked section.

By a trial and error procedure, the depth of neutral
axis dn and the strain at top fibre εoi can be found.
Hence the curvature κi can be determined:

After dn is determined, the properties of the fully
cracked transformed section with respect to the top
reference surface (A, B and I ) may be calculated and
the short-term strain at the top fibre, the curvature
and hence the distribution may be found by Equations
5 and 6, respectively. Furthermore, when dn and εoi
are known, the strains and stress in the tendons or
reinforcements are also readily determined.

2.4 Time-dependent analysis of cross-section

In pretensioned concrete beams, the bonded tendons
and the reinforcement provide restraint to the time-
dependent shortening of concrete caused by creep and
shrinkage. The tendon and reinforcement are gradu-
ally compressed. Equal and opposite tensile forces are
applied to the concrete at each level of the bonded ten-
don and reinforcement, thereby reducing the compres-
sion caused by prestress. It is the tensile forces applied
gradually at each level of bonded reinforcement that
result in significant time-dependent changes in cur-
vature and deflection (Gilbert and Mickleborough,
1990). The sum of the time-dependent change of strain
at any depth y below the top fibre of the cross-section
(	ε) may be expressed in terms of the change in the top
fibre strain (	εo) and the change of curvature (	κ):

The time analysis of the cross-section considered
here uses the AEMM together with a relaxation appro-
ach. The application was proposed by Gilbert (1988).
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In the relaxation procedure, the strain state is assumed
to be held constant throughout a given time interval.
If the total strain is held constant and the creep and
shrinkage strains change, then the instantaneous com-
ponent of strain must also change by an equal and
opposite amount. As the instantaneous strain changes,
so too does the concrete stress. The concrete stress on
the cross-section is therefore allowed to vary due to
relaxation. As a result, the internal actions change and
equilibrium is not maintained. An axial force 	N and
a bending moment 	M must, therefore, be applied
to the cross-section to restore equilibrium. The actions
required to restrain creep and shrinkage in the concrete
and creep in the prestressing tendon are given by

where Eec is the age-adjusted effective modulus for
concrete and Eep is the effective modulus of the
prestressing tendons.

The variables Ac, Bc and Ic are the area, first moment
of area and second moment of area of the concrete
part of the cross-section, with respect to the top sur-
face. The change of strain in the top fibre and the
change of curvature with time are calculated using the
equivalent properties Ae, Be and I e of the age-adjusted
transformed section and the equations below:

The modular ratios of the age-adjusted transformed
section are given by n = Eep/Eec, ns1 = Es1/Eec and
ns2 = Es2/Eec and are used to determine the trans-
formed area of the tendons and the non-prestressed
reinforcements (if any).

The change in stress in the concrete at any depth y is

and the change in stress in the tendon is

After the time-dependent changes of strains, cur-
vatures and stresses are determined, the final strains,
curvatures and stresses at the cross-section are readily
found by

Note it is assumed here that the neutral axis posi-
tion remains constant with time. When a fully cracked
cross-section is subjected to a period of sustained load-
ing, creep causes a change of position of the neutral
axis. In general, the depth to the neutral axis increases
with time and so too does the area of concrete in com-
pression. However, to include this in the calculations
requires an iterative numerical solution that leads to
increased complexity with little increase in accuracy.
This assumption is in fact necessary, if the short-term
and time-dependent stress and strain increments are to
be calculated separately and added together to obtain
the final stresses and deformations. The assumption
greatly simplies the analysis and usually results in
relatively little error.

3 DEFLECTION CALCULATION

Direct integration of curvature can be used to cal-
culate the deflection of the beam. By obtaining a
variation of curvature at a number of sections using the
method described in previous section, the deflection at
midspan can be obtained by integrating the curvatures
κ(x) twice.

This equation is a general equation and applicable
for both elastic and inelastic material behaviour. It is
also suitable for short-term and long-term deflection
calculations.

For cracked beams, the deflection can be calculated
with and without accounting for tension stiffening.
(Note that the calculation that takes tension stiffening
effect into account will lead to more accurate results).

3.1 Integration of curvature

In this method the deflection was determined by
integration of the curvature from the support to the
midspan section to obtain the maximum deflection due
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to the sustained service load. The curvature integra-
tion is performed numerically using Equation 31 and
is illustrated in Figure 4 (with x1 = 0).

In this case, the integration of curvature is performed at
four distinct sections for one half of the beam, namely
at the support, cracking moment, location of the con-
centrated load and midspan (see Figure 4). It should be
noted that increasing the number of sections increases
the accuracy of the calculations.

3.2 Tension stiffening

Immediately after first cracking, the intact concrete
between adjacent primary cracks carries considerable
tensile force, mainly in the direction of the tendon or
reinforcement, due to the bond between the tendon
or reinforcement and the concrete. The average ten-
sile stress in the concrete is a significant percentage
of the tensile strength of concrete. The stress in FRP
tendon/reinforcement is a maximum at a crack, where
the FRP carries the entire tensile force, and drops to
a minimum between the cracks. The bending stiffness
of the member is greater than that based on a fully-
cracked section, where concrete in tension is assumed
to carry zero stress. This tension stiffening effect may
be significant in the service-load range of performance
of beams. Noting that concrete has the ability to carry
tensile stress between cracks in the tension zone due to
the bond between the FRP and concrete, a tension stiff-
ening model should therefore be used in the cracked
cross-sectional analysis of the beams.

Gilbert (1988) proposed a tension stiffening model
for concrete members with steel reinforcement or steel
tendons. The approach for modelling tension stiffen-
ing is to assume that an area of concrete located at the
tensile steel level is effective in providing stiffening.
Figure 5 shows an average cross-section of a singly
reinforced member. The properties of this average sec-
tion are between those of fully-cracked cross-section
and the uncracked cross-section between the primary
cracks. The tensile concrete area Act , is assumed to
contribute to the beam stiffness after cracking and
depends on the magnitude of the maximum applied
moment Ms, the area of tendon or tensile reinforce-
ment Ast , the amount of concrete below the neutral
axis, the tensile strength of the concrete (i.e., the crack-
ing moment Mcr), and the duration of the sustained
load. The tensile concrete area Actmay be calculated
using Equation 32:

Mcr

L

P/2 P/2

x

X4

X3

κ3

X2

κ4

κ1

κ2 = κ cr

∆

Figure 4. Integration of curvature at 4 key sections.

dn

bw
Act

NA dp

b

Ap

Figure 5. Tension stiffening model (Gilbert, 1988).

where β1 = 1.0 for deformed bars/tendons and 0.5 for
round bars; β2 = 1.0 for initial loading and 0.5 for
long-term load or cycles of load.

The above mentioned Gilbert’s model (Gilbert
1988) was modified by Zou (2003) for its applica-
tion to FRP pretensioned concrete beams, through the
introduction of a material parameter, β3, as follows:

where β1 is the reinforcement surface condition
parameter, β2 is the load history parameter, and β3
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is the material parameter. Zou (2003) recommended
values of these parameters, as given in Table 1.

There are also other tension stiffening models and
some of these are described below. The tension stiff-
ening model specified in ACI 318-95 (1999) involves
the calculation of the transformed second moments of
the cracked and uncracked critical sections and cal-
culating an effective second moment of area which
depends on the ratio of applied service moment to
cracking moment at the cross-section being consid-
ered. The model is based on that of Branson (1964)
which was originally developed for reinforced con-
crete. In this model, the effective second moment of
area, Ie as:

The CEB-FIP (1983) has also proposed an alterna-
tive approach for reinforced concrete and was modi-
fied for cracked, prestressed sections by Gilbert (1990)
as below:

where

Here β1 = 1.0 when deformed non-prestressed bars
are present; 0.5 when plain round bars or bonded ten-
dons only are present; β2 = 1.0 for initial loading; 0.5
for long-term sustained loads or cycles of load.

3.3 Long-term deflection

Long-term deflections due to concrete creep and
shrinkage are affected by many variables, including
load intensity, concrete mix proportions, member size,
age at first loading, concrete curing conditions, total
quantity of compressive and tensile reinforcement,
level of prestress, relative humidity and temperature
(Gilbert and Mickleborough 1990). As for short-term
deflection calculations, when the curvature at time t
has been determined at each section, the long-term

Table 1. Values of β1, β2 and β3 for FRP reinforcements.

AFRP rod CFRP rod
Parameters (Sand coated) (indented)

β1 (Surface) 1.0 0.5
β2 (Short-term) 1.0 1.0
β2 (Long-term) 0.5 0.5
β3 (Material) 0.5 0.5

deflection at that time can be calculated by integrating
the curvature twice.

There are also a number of approximate proce-
dures for calculating the long-term deflection which
are described in detail elsewhere (Gilbert and
Mickleborough 1990). Gilbert and Mickleborough
(1990) have pointed out that the long-term deflection
multiplication factor specified in ACI 318-95 (1999)
for reinforced concrete is not suitable for prestressed
concrete members. This is because in prestressed
concrete construction, a large proportion of the sus-
tained external load is often balanced by the transverse
force exerted by the tendons. Under this balanced
load, the short-term deflection may be zero but usually
the long-term deflection is not. The restraint to creep
and shrinkage offered by non-symmetrically placed,
bonded reinforcement on a section can cause signifi-
cant time-dependent curvature and hence, significant
deflection of the member.

4 LOSS OF PRESTRESS

The losses of prestress that occur in a prestressed
member can be illustrated in Figure 6.

When the prestress is transferred to the concrete,
immediate losses of prestress occur. The difference
between the prestressing force imposed at the jack, Pj ,
and the force in the tendon immediately after transfer
at a particular section, Pi, is the immediate loss:

The gradual loss of prestress that takes place with
time is called the time dependent loss. If Pe is the force
in the prestressing tendon after all losses, then

Both of these losses are made up of several components
and are different for pretensioned members.

In a pretensioned member, the immediate loss is
caused by elastic deformation of the concrete as the

Pj PePi

Immediate losses Time-dependent losses

Final or
effective
prestressing
force

Prestressing force
immediately after
transfer

Jacking
force

Figure 6. Losses of prestress (Gilbert and Mickleborogh
1990).
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prestress is transferred. The change of strain in the ten-
don 	εp caused by elastic shortening of the concrete
is equal to the concrete strain at the tendon level, εcp,

where σcp is the concrete stress at the tendon level,
therefore, the loss of stress in the tendon is

The time-dependent losses are caused by the grad-
ual shortening of the concrete at the tendon level due
to creep and shrinkage, and by relaxation (creep) of
the tendon and it can be calculated using the analysis
described in previous section.

5 SUMMARY

This paper has provided a theoretical framework for
calculating the time-dependent concrete strains, cur-
vature and deflection of concrete beams prestressed by
FRP tendons and loss of prestressing force.The frame-
work uses the age-adjusted effective module method
and takes into consideration the tension stiffening
effects. The subsequent paper (Zou 2004) will pro-
vide illustrative examples how to predict the long-term
behaviour of FPR pretensioned concrete beams using
this framework.
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Predicting the long-term behaviour of concrete beams pretensioned by
fibre reinforced polymers – Part B: illustrative examples

Patrick X.W. Zou
The University of New South Wales, Sydney, Australia

ABSTRACT: This paper predicts the long-term concrete strains and deflections of concrete beams pretensioned
by FRP tendons using the framework developed in Part A of the paper. Three examples are presented and these
examples were chosen to reflect a range of practical issues, un-cracked sections versus cracked section, short
span versus long-span. Based on the theoretical analysis carried out in this paper, it is concluded that FRP can
be effectively used as prestressing tendon in concrete structures with acceptable level of long-term performance
in term of deflection and concrete stains.

1 INTRODUCTION

In this Part (Part B) of the paper, three examples are
presented and all three beams are pretensioned with
CFRP rods. In example 1, the beam chosen is simi-
lar to the beam tested by Abdrehraman (1995), while
in example 2, the cross-sectional details and the span
are similar to the bridge built in Canada where CFRP
were used as prestressing tendons (Abdrehraman and
Rizkalla, 1995, and Abdrehraman et al, 1995) sub-
jected to service loads less than the cracking load. The
cross-sectional details and the span of Example 3 are
identical to Example 1 but the beam is subjected to
a service load greater than the cracking load which
means the beams were cracked under sustained service
load condition.

2 EXAMPLE 1: UNCRACKED SECTION
ANALYSIS

A simply supported beam with a span of 5.8 m and a
cross section shown in Figure 1 was subjected to its self
weight and two symmetrical concentrated loads 1.0 m
apart.The beam was prestressed (pretensioned) by four
8-mm diameter straight CFRP rods. The area of each
tendon is 47.3 mm2, while the guaranteed strength is
1970 MPa and the elastic modulus is 147 GPa.

At age 28 days, the concrete strength was 55 MPa,
the elastic modulus was 37450 MPa and the modu-
lus of rupture strength was 4.40 MPa. From the test
results, the creep coefficient (φcr) and the shrink-
age strain (εsh) may be expressed as a function
of the age of concrete t (in days): φcr = (0.4939
ln(t) − 0.9692), χ (aging coefficient) = 0.9, and εsh =
(88.913 ln(t) − 169.94)/106 .

2.4 2.41.0

5.8

P/2P/2
Ws (self weight)

50
50

127.5

4 CFRP bars
8mm diameter each

54

33
0

600

(a) Cross-section (units: mm)

(b) Schematic of load distribution (units: m)

Figure 1. Example 1: beam cross-sectional details and load-
ing arrangement.

The prestressing force was transferred to the con-
crete at an age of 9 days and the initial prestressing
force, Pi was 155.6 kN. The superimposed load P was
in the form of two point loads applied 1 m apart in the
midspan range as shown in Figure 1. Load P is either
of 20 or 24 kN.

It is required to calculate the short term and time-
dependent concrete strains at the top fibre as well as the
curvature and the deflection at midspan due to the self-
weight and the superimposed load (either 20 or 24 kN).
The long-term loss of prestress is also to be estimated.
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(a) Concrete strains at the top fibre at midspan section
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Figure 2. Analytical results of Example 1.

Table 1. Comparison of effect of loading levels on defor-
mations of Example 1.

Loading level P = 20 kN P = 24 kN

Immediately after loading
εoi(µε) 305 330
κi (×10−6/mm) −0.157 0.067
εcpi (µε) 345 313
	o (mm) −1.72 −0.93

After 1.5 year of loading
εo(t) (µε) 745 816
κ(t) (×10−6/mm) 1.34 1.76
εcp(t) (µε) 403 367
	(t) (mm) 3.18 4.49

After 100 year of loading
εo(t) (µε) 1268 1375
κ(t) (×10−6/mm) 2.17 2.52
εcp(t) (µε) 714 733
	(t) (mm) 5.74 6.48

2.1 Analysis

Under the self weight of the beam and the super-
imposed load P of 20 kN, it is calculated that the
bending moment at the midspan section is 30.8 kNm.
The cracking moment of the beam is 39.3 kNm. Hence
the total applied moment is about 78% of the cracking
moment so the midspan section is not cracked.

The initial and long term behaviours at the midspan
section, including concrete strain at the top fibre, the
curvature, the deflection and the loss of prestress is
shown in Figure 2. After one and a half years of load-
ing, the calculated concrete strain at the top fibre,
curvature at the midspan and the deflection at the
midspan are 745 µε, 1.341 × 10−6/mm and 3.18 mm
respectively, while the loss of prestress is 12.3%.
After 100 years of service, these values increase to
1268.5 µε, 2.172 × 10−6/mm and 5.74 mm. The loss
of prestress is 21.1%. The long-term deflection of
5.74 mm is about 1/1000 of the span and meets the
deflection limit (1/800 of the span) for a bridge girder
beam under the serviceability limit state.

If the superimposed load P is 24 kN, the moment
at the midspan section would be 35.6 kN m which
is about 90% of the cracking moment. The time-
dependent behaviour of this beam is also shown in
the relevant figures. The long term midspan deflection
(after 100 years) is calculated to be 6.48 mm which is
1/670 of the span. Table 1 shows the critical values at
different ages and the comparison between 20 kN and
24 kN of loading.

3 EXAMPLE 2: UNCRACKED SECTION
ANALYSIS

The T-section beam shown in Figure 3 has a span of
22.85 m. The concrete strength at 28 days is 45 MPa
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Figure 3. Example 2: Beam cross-sectional details.

and the elastic modulus is 33800 MPa. The beam is
prestressed (pretensioned) by CFRP rods (Leadline)
where Young’s modulus of the CFRP is 147 GPa and
the guaranteed ultimate tensile strength is 1970 MPa.
The relaxation of the CFRP rod is considered negligi-
ble.There are 52 tendons in the cross section producing
a total area of 2460 mm2. The initial prestressing force
Pi is 2907.7 kN which is equivalent to 60% of the guar-
anteed ultimate tensile strength of the CFRP rod. In
addition to its self-weight, the beam is subjected to a
sustained service load in the form of two point loads
3 m apart in the midspan region. The creep and shrink-
age of the concrete may be modelled using the same
relationship as described in Example 1. Under the three
different levels of loading of P = 100, 150 and 200 kN,
the time-dependent behaviour of the beam is to be cal-
culated including the concrete strain at the top fibre
and curvature at midspan, together with the deflections
and loss of prestress at midspan.

3.1 Analysis

The bending moment induced by the self weight and
the maximum superimposed point load of 200 kN
is 1705.8 kN m at midspan and this is about 63%
of the cracking moment of the beam (2721.8 kN m).
The beam therefore remains uncracked throughout
the period (550 days) of loading. The AEMM was
used to model the creep behaviour of concrete. The
short-term and time-dependent behaviour of the beam
under these loading conditions are shown in Fig-
ure 4. These include the concrete strains at the top
fibre and at the tendon level, the midspan curvature,
the midspan deflection and the losses of prestress at
midspan section. It can be seen in Figure 4 that with dif-
ferent loading levels the instantaneous concrete strain
at the top fibre increased from 408.8 µε to 574.7 µε

when the load increases from 100 kN to 200 kN.

The rate of the time-dependent increase of concrete
strain at the top fibre increases with an increase of
load. At an age of 550 days, the concrete strain reaches
981.7 µε or 1462.4 µε depending on the loading level.

The change of concrete strain at the tendon level
with time is shown in Figure 4. The instantaneous
value was 500 µε and this increased to 920 µε just
before the load P was applied. Immediately after
the load P was applied, the strain became 678.8 µε,
566.7 µε or 454.7 µε when the P = 100, 150 or 200 kN
respectively. The time-dependent change of strain
is also shown in the Figure. When P = 100 kN, the
strain increased with time after an initial drop. When
P = 200 kN, the strain decreased initially (for a period
of about 2 months) then remained almost constant with
time. When P = 150 kN, the strain slightly increased
with time after an initial drop.

As shown in Figure 4, when P = 100 kN, the
instantaneous curvature after loading remains nega-
tive (camber), and when P = 150 kN, it is close to
zero. When P = 200 kN, the instantaneous curvature is
0.15 × 10−6/mm. With time, the curvature increases,
as shown, up to a maximum value of 1.15 × 10−6/mm
for P = 200 kN.

The midspan deflection is shown in Figure 4. Simi-
lar to the midspan curvature, when the applied load is
100 kN, the instantaneous and time-dependent deflec-
tion remains upward (camber) up to the age of 550
days. When the applied load increases to 150 kN, the
instantaneous deflection is upward (camber), but the
time-dependent deflection becomes downward due to
creep and shrinkage of the concrete. If the applied load
increases to 200 kN, the deflection reaches 48.7 mm
which is 1/470 of the span after 550 days of loading.

As shown in Figure 4, the immediate loss and the
time-dependent losses of the prestressing force are
unaffected by the loading level. This is because the
loss of prestress is caused by the shrinkage and creep
of concrete at the tendon level (note the relaxation
of the CFRP tendons negligible) and these are not
significantly affected by the loading levels).

If loaded for 100 years with a sustained load
of 200 kN, the concrete strain at the top fibre,
the curvature at mid-span section and the deflec-
tion at midspan of this beam would reach 2030 µε,
1.57 × 10−6/mm and 65.7 mm respectively. This long-
term deflection is about 1/350 of the span. The com-
parison of the beam under different levels of applied
loads is shown Table 2.

4 EXAMPLE 3 – CRACKED SECTION
ANALYSIS

The time-dependent behaviour of a beam with
the cross-sectional dimensions and span shown in
Figure 1, subjected to an applied load P of 35 kN is to
be analysed using AEMM, with and without tension
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(b) Concrete strain at the tendon level at midspan section
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Figure 4. Example 2: Instantaneous and time-dependent behaviour.

stiffening. The cross-sectional details, the span and the
concrete properties in this beam are the same as those
in Example 1. The type of tendons to be used in the
beam is to be chosen from CFRP rod or steel strand.
The properties of these tendons are listed in Table 3.
The total tendon area was selected such that the total
breaking force of the tendons are similar for the two
types of tendons. The selection is also based on the
limitation (level) of prestressing of the tendons.

The relaxation of CFRP is negligible and the
relaxation of steel strand can be expressed as

where the coefficient k1 depends on the initial stress
level: For a stress level of 40–70% of the tensile
strength:

For a stress level of 70–85% of the tensile strength:

Factor k2 is dependent on the average annual tem-
perature T and may be taken as T/20 but not less than
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Table 2. Comparison of effect of loading levels on defor-
mations of Example 2.

Loading level P = 100 kN P = 150 kN P = 200 kN

Immediately after loading
εoi (µε) 408.8 491.7 574.7
κi (×10−6/mm) −0.266 −0.0739 0.118
εcpi (µε) 678.8 566.7 454.7
	o (mm) −26 −15.76 −5.53

After 550 days of loading
εo(t) (µε) 981.7 1222.1 1462.4
κ(t) (×10−6/mm) 0.174 0.700 1.226
εcp(t) (µε) 804.6 511.5 218.4
	(t) (mm) −7.23 20.74 48.72

After 100 years of loading
εo(t) (µε) 1469.5 1749.7 2029.8
κ(t) (×10−6/mm) 0.359 0.963 1.568
εcp(t) (µε) 1105 711.9 438.6
	(t) (mm) 2.30 34.47 66.65

Table 3. Properties of tendons to be used in the beams.

Total Elastic Tensile
tendon modulus strength

Type of Trade area Ep fp
tendon name (mm2) (GPa) (MPa)

CFRP Leadline 189.2 147 1970
Steel strand 7-wire 200 195 1840

1.0. The basic relaxation R1000 is 2.5% for strand and
is 2.0% for wire.

4.1 Analysis

As described in Example 1, the cracking moment of
this beam is 39.3 kN m. Under the applied service load
of 35 kN, the maximum bending moment is 48.8 kN m,
which is about 1.25 times the cracking moment, and
hence the beam is cracked under this load. From
the calculation, the cracked region may be the centre
region of 2.0 m.

The change of concrete strains at the top fibre and
the deflections at the midspan section with time are cal-
culated using the AEMM and discussed. The tension
stiffening model proposed by Zou (2003) is used in the
analysis. The designation of the beams is of the form
C55-155-L-C and S55-155-L-C which is explained as
follows: the first letter represents the type of the tendon
(“C” for CFRP and “S” for steel). The first two digits
indicate the concrete strength (eg 55 MPa) while 155
is the initial prestressing force in kN. “L” stands for
long-term while “C” means the beam cracked under
the service load.
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Figure 5. Comparison of long-term behaviour without or
with tension stiffening (Example 3).

4.1.1 Beam with CFRP: C55-155-L-C
At the time the prestressing force is transferred,
the concrete strain at the top fibre just reaches of
−5.2 µε (in tension) but it does not exceed the tensile
strain capacity of concrete (Figure 5). Under the self
weight and the prestressing force, the strain changes
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to compressive strain and it increases with time. It
reaches 178.7 µε at an age of 56 days mainly due
to the creep and shrinkage of concrete. Upon load-
ing, the strain increases to 625.9 µε (in compression).
Under this service load, this top fibre strain increases
rapidly at the early days and then slows down. After
one and a half years of loading, the strain reaches
1527.1 µε, which is more than twice the instantaneous
strain.

Also shown in Figure 5 is the change of concrete
strain when the tension stiffening is included in the
calculation. It can be seen that both methods predict
the same trends of strain development, but the value
is slightly less when tension stiffening is taken into
account as expected.

The change of midspan deflection with time of
this beam is shown in Figure 5. The initial camber is
−2.96 mm and it increases with time when the beam
is only subjected to its self-weight and the prestressing
force. At age 56 days, it reaches −5.43 mm, which is
twice of the initial camber. Immediately after loading,
the downward deflection (without tension stiffening)
is 16.0 mm and it increases with time due to creep
and shrinkage of the concrete. The deflection reaches
27.7 mm after one and a half years of loading. When
tension stiffening is taken into account, the instanta-
neous downward deflection is only 10.8 mm and after
one and a half years of loading, the deflection reaches
24.2 mm, which is about 1/250 of the span.

4.1.2 Beam with steel strand: S55-155-L-C
As with Beam C55-155-L-C, the concrete strain at the
top fibre and the deflection at the midspan section
are calculated. Figure 5 shows the long-term concrete
strain at the top fibre and the long-term deflection.
At the time of transfer of the prestressing force, the
concrete strain is in tension at −4.8 µε. Under the
beam self-weight and the prestressing force, the strain
becomes compressive and increases with time. At age
56 days, it had reached 181.4 µε. Immediately after
loading, the instantaneous strain is 624.4 µε if no ten-
sion stiffening is taken into account and is 535.3 µε if
tension stiffening is taken into account. With time, the
calculated maximum concrete strain increases and it
finally reaches 1513.4 µε or 1568.3 µε depending on
whether the tension stiffening is taken into account
or not.

Regarding the long-term midspan deflection, while
the initial camber at transfer is −2.92 mm, it increases
to −5.15 mm at age 56 days. Upon loading, the initial
downward deflection is 12.9 mm when tension stiff-
ening is not taken into account and 6.9 mm if tension
stiffening is considered. After one and a half years
of loading, the deflection reaches 24.7 mm without
tension stiffening or 20.1 mm with tension stiffening.
These deflections are about 1/235 and 1/290 of the
beam span, respectively.

Table 4. Comparison of deformations of Example 3, with-
out tension stiffening effect.

Beam S55-155-L-C C55-155-L-C

Immediately after loading
εoi (µε) 624.4 625.9
	o (mm) 12.9 16.0

After one and a half year of loading
εo(t) (µε) 1568.3 1527.1
	(t) (mm) 24.7 27.7

Table 5. Comparison of deformations of Example 3, with
tension stiffening effect.

Beam S55-155-L-C C55-155-L-C

Immediately after loading
εoi (µε) 535.3 551.5
	o (mm) 6.9 9.2

After one and a half year of loading
εo(t) (µε) 1513.4 1488.8
	(t) (mm) 20.1 24.2

4.1.3 Comparison between beams with
different tendons

Under the above mentioned loading conditions, the
concrete strains at the top fibre of beam C55-155-L-
C and S55-155-L-C are compared in Figure 5. It can
be seen that if the tension stiffening is not taking into
account, the concrete strain of Beam C55-155-L-C is
comparable to that of Beam S55-155-L-C. If tension
stiffening is taken into account, the concrete strain of
Beam C55-155-L-C is still comparable to that of Beam
S55-155-L-C.

Figure 5 shows the comparison of deflections, with
and without tension stiffening. It can be seen that with
or without tension stiffening the deflection of Beam
C55-155-L-C is slightly higher than that of Beam
S55-155-L-C but the difference was only about 17%
which was not significant. This behaviour is due to the
difference in the elastic moduli of the tendons.

The calculated response of these beams at each
stage of loading is listed inTables 4 and 5. It is clear that
the time-dependent behaviour of the concrete beams
prestressed by CFRP is comparable to those beams
prestressed by steel strand.

5 CONCLUSIONS

This paper presents calculation of the long-term
concrete strains and deflections of concrete beams pre-
stressed by FRP tendons using the framework devel-
oped in previous paper. The examples chosen reflected
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a range of practical issues, un-cracked sections versus
cracked section, short span versus long-span. From
the theoretical studies conducted in this paper, it can
be concluded that level of long-term performance of
concrete beams pretensioned by FRP is acceptable, in
term of deflection and concrete stains, despite the fact
that the deflection may be slightly higher than those by
steel strands when the section is cracked under service
load condition.
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ABSTRACT: Hybrid FRP–concrete–steel double-skin tubular columns are a new form of hybrid columns
recently proposed by the first author. The column consists of an outer tube made of fibre-reinforced polymer
(FRP) and an inner tube made of steel, with the space between filled with concrete. In this new hybrid column,
the three constituent materials are optimally combined to achieve several advantages not available with existing
columns. In this paper, the rationale for the new column form together with its expected advantages is explained.
Results from a series of stub column tests are presented and discussed to confirm some of these expected
advantages. Results from a series of four-point bending tests are also described to demonstrate the application
of this new hybrid section as a beam.

1 INTRODUCTION

In recent years, fibre reinforced polymer (FRP) com-
posites have found increasingly wide applications in
civil engineering, both in the retrofit of existing struc-
tures and in new construction. FRP composites possess
several advantages over steel, including their high
strength-to-weight ratio and good corrosion resistance.
As a result, the use of FRP composites as externally
bonded reinforcement for the retrofit of structures has
become very popular in recent years (Teng et al. 2002).
These same advantages can also be exploited in new
construction, and indeed a large amount of research
around the world is currently under way examining
the performance of various forms of structures made
of FRP composites alone (i.e. all FRP structures) or
FRP composites in combination with other materials
(i.e. hybrid structures). Examples include FRP bridge
decks, concrete-filled FRP tubes as columns and piles,
and FRP cables.

Compared with the two primary traditional struc-
tural materials, namely steel and concrete, FRP com-
posites also have some disadvantages. These include
their relatively high cost, linear-elastic-brittle stress–
strain behaviour, low elastic modulus-to-strength ratio,
and poor fire resistance. In retrofit applications, cost
savings arise from a number of aspects that offset the
higher material cost, but this is harder to achieve in
new construction at the present.

The low elastic modulus-to-strength ratio is not crit-
ical in retrofit applications as the FRP is generally
used to resist tension. The poor fire performance is
also not an acute problem in retrofit applications as
the FRP is generally not required to make any contri-
bution to structural resistance during a fire. When FRP

composites are deployed in new construction, the con-
sequences of their weaknesses need to be minimized as
in retrofit applications. Based on these considerations,
it may be concluded that the successful application of
FRP composites in new construction requires the fol-
lowing three criteria to be met: (a) cost effectiveness at
least in terms of a life-cycle cost assessment; (b) FRP
to be used in areas subject to tension as much as pos-
sible; (c) fire resistance to be non-critical. It should be
noted that criterion (d) is easily met for bridge struc-
tures and other outdoor structures, while the first two
requirements in general mean that FRP composites
should be used in combination with other materials to
form hybrid structures.

Based on the above discussion, it is apparent that
the area of hybrid structures will be a major focus of
future research on the use of FRP composites in new
construction. Within the area of hybrid structures, the
aim shall be to optimally combine FRP with traditional
structural materials such as steel and concrete to create
innovative structural forms that are cost-effective and
of high-performance. To this end, simple duplications
of existing structural systems are often inadequate.
This paper presents the idea of a new form of columns,
namely FRP-concrete–steel hybrid double-skin tubu-
lar columns (DSTCs), proposed by the first author of
the paper, as well as test results to evaluate their axial
and flexural behaviour.

2 NEW HYBRID COLUMN

Concrete-filled steel tubes have been a common form
of columns. The simplest form of concrete-filled steel
tubes consists of a single hollow steel tube filled with
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concrete with or without internal steel reinforcing bars.
A variation of this simple system is the double-skin
tubular column, consisting of two generally concentric
steel tubes with the space between filled with concrete.
To the best of the authors’knowledge, such double-skin
tubes were first reported in late 1980s (Shakir-Khalil
and Illouli 1987). Since then, much research has been
conducted on these columns (e.g. Shakir-Khalil 1991;
Wei et al. 1995; Han et al. 1995; Yagishita 2000; Zhao
et al. 2002; Tao et al. 2003). The inner void reduces
the column weight without significantly affecting the
bending rigidity of the section and allows the easy
passage of service ducts.

More recently, hybrid FRP columns consisting of an
FRP tube filled with concrete with or without internal
reinforcement have received a great deal of research
(Mirmiran and Shahawy 1997; Fam and Rizkalla
2001a, b; Hong et al. 2002; Zhang et al. 2000). Fur-
thermore, double-skin hybrid FRP columns consisting
of two FRP tubes and a concrete in-fill have been also
been studied (Fam and Rizkalla 2001b). The advan-
tages of simple concrete-filled FRP tubes over simple
concrete-filled steel tubes include the lightweight and
corrosion resistance of the FRP tube. Simple concrete-
filled FRP tubes have been proposed for use as bridge
columns and piles. Concrete-filled FRP tubes have a
number of disadvantages particularly when used as
building columns. These include poor fire resistance,
difficulty for connection to beams, inability to support
substantial construction loads, brittle failure in bend-
ing, and high cost as the tube needs to be relatively
thick in order to resist axial loads. As a bridge col-
umn, the fire resistance and connection problems are
not significant.

To overcome the existing disadvantages of concrete-
filled FRP tubes, a new form of hybrid columns has
recently been proposed by the first author and is being
investigated in an ongoing research project at The
Hong Kong Polytechnic University. The new column
consists of a steel tube inside, an FRP tube outside
and concrete in between. The inner void may be filled
with concrete if desired. The FRP tube is provided
with fibres which are predominantly oriented in the
circumferential direction to provide confinement to
the concrete. The new column is an attempt to com-
bine the advantages of all three constituent materials
and those of the structural form of DSTCs, so as to
achieve a high-performance structural member.

The novel feature of the new column form com-
pared to the existing DSTCs is that the inner tube
is made of steel but the outer tube is made of FRP
with fibres oriented mainly in the hoop direction to
provide confinement to the concrete for enhanced duc-
tility. This simple change to the existing DSTC forms
offers many advantages, leading to a column which
is easy to construct and highly resistant to corrosion
and earthquakes. Direct comparisons can be made

between the new column and the steel-concrete DSTC
or between the new column and the FRP-concrete
DSTC. Compared to the steel-concrete DSTC, the
advantages of the new column include: (a) a more
ductile response of concrete as it is well confined by
the FRP tube which does not buckle; (b) no need for
fire protection of the outer tube as the outer tube is
required only as a form during construction and as a
confining device during earthquakes; (c) no need for
corrosion protection as the steel tube inside is well
protected by the concrete and the FRP tube. Com-
pared to the FRP-concrete DSTC, the advantages of
the new column include: (a) ability to support con-
struction loads through the use of the inner steel tube;
(b) ease for connection to beams due to the presence
of the inner steel tube; (c) savings in fire protection
cost as the outer tube is required only as a form during
construction and as a confining device during earth-
quakes; (d) better confinement of concrete as a result
of the increased rigidity of the inner tube. Similarly, the
new column also has many advantages over other com-
posite/hybrid columns including concrete-filled steel
tubes, concrete-filled FRP tubes and concrete-encased
steel columns.

The section form shown in Figure 1(a) consists of
two circular tubes, but many different combinations of
tubes are possible. Figures 1(b) and 1(c) shows some
of such variations. Needless to say, the section form
can also be employed in a beam, in which case the
inner steel tube may be shifted towards the tension side
(Figure 1 (d)). It should be noted that if the column sec-
tion with two concentric tubes is deployed in situations
where axial compression does not dominate under ser-
vice loading, the column should be provided with some
longitudinal reinforcement to avoid the development
of large tensile cracks.

FRP tube

Steel tube

Concrete

FRP tube

Steel tube

Concrete

(b)(a)

(c) (d)

Figure 1. Typical sections of double-skin tubular members.
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3 AXIAL COMPRESSION TESTS ON
STUB COLUMNS

3.1 General

Obviously, for the new hybrid column to be accepted
in practical applications, a great deal of research
is required to develop knowledge of its structural
behaviour and reliable design methods. As a first step,
a series of stub column tests have been conducted at
The Hong Kong Polytechnic University. Details of the
test specimens and the test results are presented in this
section.

3.2 Specimens

A total of six DSTC specimens of three different con-
figurations were prepared and tested; two identical
specimens were made for each configuration. The
stub column specimens all had an outer diameter of
152.5 mm and a height of 305 mm. The steel tube
inside each specimen was identical and was cut from
the same long steel tube. The outer GFRP tube had
three different thicknesses. Table 1 provides a sum-
mary of the specimens. In addition, 6 FRP-confined
concrete (FCC) solid cylinders were prepared and
tested for comparison, including specimens with one,
two and three plies of FRP outside, respectively. Three
hollow steel tubes also cut from the same long tube
were tested under compression.

Tensile tests on steel coupons cut from the same
original steel tube were conducted. These tests showed
that the steel had a yield stress of 352.67 MPa, an
ultimate strength of 380.4 MPa, a Young’s modulus
of 207.28 GPa and a long plastic plateau after yield-
ing. The FRP used here had a nominal thickness of
0.17 mm per ply, a tensile strength of 2,300 MPa, and
a Young’s modulus of 76 GPa according to data sup-
plied by the manufacturer. The three configurations
had GFRP tubes made of 1 ply, 2 plies and 3 plies
of GFRP. The elastic modulus, compressive strength
and strain at peak stress of the concrete averaged from
three concrete cylinder tests (152.5 mm × 305 mm) are
30.18 GPa, 39.64 MPa and 0.002628 respectively.

3.3 Preparation of specimens

The specimen preparation process included the follow-
ing steps: (1) fabrication of the form, which consisted

Table 1. Specimen details.

Specimens FRP tube Steel tube

DS1A, DS1B 1 ply Outer diameter
DS2A, DS2B 2 plies = 76.1 mm
DS3A, DS3B 3 plies Thickness = 3.2 mm

of a PVC tube outside and a steel tube inside; strain
gauges on the steel tube were installed before the cast-
ing of concrete (Figure 2); (2) casting the concrete; (3)
wet-layup formation of the FRP tube after the concrete
had hardened and the PVC form removed (Figure 3).

It should be noted that the FRP tube was formed by
the wrapping and resin impregnation of fibre sheets on
concrete as is done in retrofit applications, instead of
the use of a prefabricated FRP tube into which concrete
is cast. The wrapping process was used as prefabri-
cated FRP tubes with fibres oriented mainly in the
hoop direction were not readily available to the authors.
It is believed that there is little difference between the
two ways of forming the FRP tube in terms of the
performance of the hybrid column, based on previous
research by Shahawy et al. (2000). In the present spec-
imens, all fibres were oriented in the hoop direction;
that is, no longitudinal fibres were present in these
FRP tubes.

Figure 2. Form for casting concrete.

Figure 3. Formation of the FRP tube.
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Figure 4. Layout of the strain gauges.

3.4 Test set-up and instrumentation

For each hybrid column specimen, two strain rosettes
(gauge length = 10 mm) were installed at the mid-
height of the outer surface of the steel tube and four
strain rosettes (gauge length = 20 mm) were installed
at the mid-height of the outer surface of the FRP
tube. The circumferential layout of the strain gauges
is shown in Figure 4, in which the overlapping zone
spans a circumferential distance of 150 mm.

In addition, two linear variable displacement trans-
ducers (LVDTs) were used to obtain the axial defor-
mation over a 120 mm mid-height region (Figure 5(a)).
All the compression tests were carried out using an
MTS machine with displacement control at a load-
ing rate of 0.003 mm/sec. All the test data, including
the strains, loads, and displacements, were recorded
simultaneously by a data logger.

3.5 Test results and observations

All six specimens displayed continuous load-
displacement behaviour until ultimate failure which
occurred by the rupture of the FRP tube as a result of
hoop tension. Specimen DS2A before and after test is
shown in Figure 5.

The test results of all 6 specimens are summarized
in Table 2. In this table, Pco is equal to the uncon-
fined concrete strength times the area of the annular
concrete section (=543.5 kN), while Ps is equal to the
average ultimate load of the three hollow steel tubes
(=273.8 kN).Therefore, the ultimate load of the hybrid
column is found to be 817.3 kN if the constituent parts
do not interact and the confinement effect of the FRP
tube is negligible. The ultimate load of the hybrid
column from the test is denoted by Pc, while the ulti-
mate strain is denoted by εu. For these specimens, the
ultimate strain is the strain at the ultimate load. The
strain of unconfined concrete at peak stress εco was
found from tests on three 152.5 mm × 305 mm con-
crete cylinders to be 0.002628 and is used to normalize

(a) before test

(b) after test

Figure 5. DSTC specimen before and after test.

the test ultimate strain. The axial load-strain curves of
the six DSTCs are shown in Figure 6 where the strains
were found from the displacement transducer readings.

3.6 Discussions

From Table 2, it can be seen that the two single-ply
DSTCs have approximately the same load capacity,
and their average value is very close to the sum of
the individual capacities of the concrete and the inner
steel tube, which shows that the FRP confinement to
the concrete has little effect on the ultimate load if
the amount of FRP used is small. However, the load
capacities of the DSTCs with two- or three-ply FRP
tubes exceed the sum of the ultimate loads of the two
constituent parts by a considerable amount. The 2-ply
FRP tube led to a 27% increase in the ultimate load
while the 3-ply FRP tube led to a 48% increase. This
means that the strength enhancement is related to the
thickness of the FRP tube, a phenomenon which is
consistent with previous observations made on simple
concrete-filled FRP tubes (Teng et al. 2002).
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Table 2. Key test results of DSTCs.

Average Pc/(Pco + Ps) εu Average
Specimen Pc (kN) Pc (kN) (MPa) (×10−6) εu (× 10−6) εu/εco

DS1A 793.75 811.51 0.99 14208 14542 5.53
DS1B 829.27 14875

DS2A 1044.2 1034.5 1.27 22000 20204 7.69
DS2B 1024.8 18417

DS3A 1214.0 1208.0 1.48 23416 23541 8.96
DS3B 1201.9 23666
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Figure 6 shows that the 2-ply DSTCs and the
3-ply DSTCs have a bilinear load-strain curve while
the 1-ply DSTCs have an almost elastic-perfectly plas-
tic load-strain curve. All 6 specimens achieved large
ultimate strains. The ultimate axial strains are 5.53,
7.69 and 8.96 times the strain at peak stress of the
unconfined concrete for one-, two- and three-ply FRP
tubes respectively (Table 2).

In order to evaluate the degree of confinement the
concrete in DSTCs receives more directly, the stress–
strain curves of the concrete in the test specimens
are compared with those obtained from tests on the
6 FCC specimens and the predictions of the design-
oriented stress–strain model recently proposed by Lam
and Teng (2003). The axial stresses in the concrete in
the DSTCs were found by dividing the load carried
by the concrete by the cross-sectional area of the con-
crete. The load carried by the concrete was assumed
to be equal to the difference between the load carried
by the DSTC specimen and the load carried by the
steel tube at the same axial strain as found from the
compression tests on hollow steel tubes. Figures 7–9
show the comparisons for the one-, two- and three-ply
specimens, respectively.

It can be seen from these figures that the stress–
strain behaviour of the concrete in the DSTCs is almost
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the same as that of FRP-confined concrete solid cylin-
ders for all specimens, which suggests that despite the
inner void, the concrete in these DSTCs is confined as
effectively as in a circular solid column. It should be
noted that these deduced stress–strain curves for the
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concrete in the DSTCs have included any beneficial
effect that may arise as a result of the steel tube being
constrained by the external concrete and thus carrying
a higher load at the same axial strain. Nevertheless,
this effect is believed to be small. This demonstrates
that the inner void in a DSTC does not lead to a signif-
icant degradation of the benefit of FRP confinement
provided by the FRP tube.

It can also be seen from these figures that Lam
and Teng’s (2003) model predicts the stress–strain
behaviour of the specimens with a 3-ply FRP tube
closely but overestimates the performance of the spec-
imens with a 1-ply FRP tube or a 2-ply tube. These
predictions were made using the average hoop rupture
strains from the FFC specimens. It should be noted that
the confinement ratio of the specimens with a 1-ply
FRP tube (=0.073) is nearly the same as the threshold
value of 0.07 defined in Lam andTeng (2003). Lam and
Teng (2003) suggested that no strength enhancement
should be assumed when the confinement ratio is lower
than this limit. Therefore, in Figure 7, a stress–strain
curve predicted by Lam and Teng’s model assuming
no strength enhancement is also plotted for compar-
ison, and this curve is in close agreement with the
test results. These comparisons indicate that the accu-
racy of Lam and Teng’s model needs to be improved
when applied to concrete confined with a small amount
of FRP.

4 FLEXURAL TESTS

4.1 General

A series of four-point bending tests were conducted to
demonstrate the application of this new hybrid section
as a beam and to provide a preliminary evaluation of
the flexural behaviour of such beams. In these beams,
the inner steel tube was shifted towards the tension

Table 3. Specimens for the bending tests.

Specimen FRP tube Steel tube

DSB1 No Outer diameter = 76.1 mm
DSB2 1 ply Thickness = 3.5 mm
DSB3 2 plies

FRP tube

Steel tube 

Concrete

20mm

Figure 10. Cross-section of the beams.

side to leave more concrete in the compression zone
and to place more steel in the tension zone. Details of
the test specimens and the test results are presented in
this section.

4.2 Specimens

In total, three specimens have been prepared and
tested. The specimens all had an outer diameter of
152.5 mm and a length of 1500 mm. The steel tube
inside each specimen was identical and was cut from
the same long steel tube. All three specimens had the
same steel tube eccentricity: the centre of the steel
tube was at a distance of 18.2 mm from the centre of
the outer circumference of the concrete section. The
only difference between the three specimens was the
thickness of the FRP tube outside. Details of the spec-
imens are summarized in Table 3 and the cross section
of the beams is shown in Figure 10.

Tensile tests on steel coupons cut from the same
original steel tube were conducted. These tests showed
that the steel had a 0.2% proof stress of 340.3 MPa, a
tensile strength of 444.5 MPa and a Young’s modu-
lus of 192.8 GPa. The FRP used here was the same
as that used in the DSTC specimens. The compressive
strength and the compressive strain at peak stress of the
concrete averaged from three concrete cylinder tests
(152.5 mm × 305 mm) are 33.37 MPa and 0.002502
respectively.

4.3 Instrumentation and test set-up

The test set-up is shown in Figure 11. The instrumen-
tation included strain rosettes on the circumferences
of Sections 1 and 2 (Figure 11) (section 1 only for
specimen DSB1 without an FRP tube), five LVDTs
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which were installed at Sections 1, 2 and 3 and the two
loading sections (Figure 11) to measure deflections,
and LVDTs at the ends of the specimen to measure
the slips between the concrete and the steel tube and
between the concrete and the FRP tube. Two load
cells were used to measure the loads acting at the two
loading points. The test data were collected by a data
logger.

4.4 Test results and observations

All bending test specimens exhibited a smooth load-
deflection curve (Figure 12).The tests were terminated
due to the headroom limitation of the loading frame
for specimens DSB2 and DSB3 (at a mid-span deflec-
tion of about 125 mm). For specimen DSB1, the test
was terminated when various large cracks were found
in many places (due to the absence of an FRP tube
outside) and the whole loading system became some-
what unstable. Specimens DSB1 and DSB2 after test
are shown in Figure 13.

Figure 12 shows the load-deflection curves of the
specimens for the mid-span point, in which P is the
average load recorded by the two load cells. It is evident
that all the specimens showed good ductility. As the
specimens did not collapse at the end of the test, they
can be expected to possess a higher level of ductility
than is indicated by these curves. It is also evident that
the two specimens with a GFRP tube outside (DSB2
and DSB3) had a much larger loading capacity than the

(a)  Specimen DSB1

(b) Specimen DSB2 

Figure 13. Specimens after test.

specimen without a GFRP tube (DSB1). In addition,
in the second stage of deformation, the load gradually
reduced for specimen DSB1 while it kept increasing
or remained almost constant for specimens DSB2 and
DSB3, which suggests a larger ductility for the lat-
ter two specimens. The poor behaviour of specimen
DSB1 is at least partly due to the shear failure of the
concrete section due to the absence of an outer GFRP
tube as shear cracks are evident on the specimen (Fig-
ure 13(a)). The thickness of the GFRP tube has only a
small effect on the load-carrying capacity of the mem-
ber, as the load-deflection curve of the specimen DSB2
which had a 2-ply GFRP tube is only a little higher
than that of specimen DSB3 which had a 1-ply GFRP
tube. This further suggests that the GFRP tube in such
beams enhances the structural behaviour by providing
both confinement to the concrete and additional shear
resistance.

As the mid-span deflection reached about 1/10
of the span length, cracks with large widths were
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found in the final stage for all the specimens. For the
two specimens with an outer GFRP tube, two major
cracks were always found right below or very close
to the two loading points, while other less prominent
cracks were randomly distributed within and outside
the pure-bending region of the specimen (Figure 13).
For specimen DSB1, inclined shear cracks were found
together with flexural cracks along the specimen.
However, despite the large cracks found during the test,
specimens DSB2 and DSB3 showed an almost linear
behaviour in the initial loading stage until a load level
close to the ultimate load, with a high flexural stiffness.

5 CONCLUSIONS

The details of the newly proposed hybrid FRP-
concrete–steel double-skin tubular column have been
introduced in this paper. The new column consists
of an inner steel tube and an outer FRP tube, with
the space between them filled with concrete. The
new column possesses many advantages over existing
columns including double-skin FRP-concrete columns
and double-skin steel-concrete columns. These advan-
tages include good ductility, corrosion resistance and
ease for construction. In addition, fire protection is not
needed as the outer FRP tube is not required to make
any contribution to the structural resistance during
a fire.

A series of stub column tests to confirm some of the
expected advantages were conducted and the results
have been presented and discussed in this paper. The
test results confirmed that the concrete in the new col-
umn is very effectively confined, leading to a very
ductile response. The inner void in the double-skin
column was found to have almost no effect on the effec-
tiveness of confinement provided by the FRP tube. A
series of four-point bending tests have also been con-
ducted on specimens with a hybrid section in which the
inner steel tube was shifted towards the tension side to
demonstrate the application of the hybrid section in a
beam. These beams were found to show a very duc-
tile behaviour. The results also showed that the GFRP
tube in such beams enhances the structural behaviour
by providing both confinement to the concrete and
additional shear resistance.
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Flexural performance of newly developed hybrid FRP–concrete beams
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ABSTRACT: A novel hybrid FRP–concrete structural system is recently proposed by the authors. Instead of
conventional shear keys of hybrid systems, bonding technique with epoxy resin is adopted to ensure composite
effect between FRP and concrete and hence avoid buckling failure mode of FRP shell. CFRP sheets with high
strengths are axially bonded on the bottom surface of the concrete core to carry tensile load. GFRP sheets
with high rupture strains are wrapped in hoop direction to bear the shear load, result in confinement effects to
concrete core and prevent premature debonding of CFRP sheets. A minimum reinforcement ratio of rebars is
used to control the localization and propagation of flexural cracks. In this paper a series of four-point bending
experiments are carried out to study the feasibility of the proposed concept on a hybrid FRP-concrete beam
system. Furthermore, based on the principles of strain compatibility and equilibrium, an iterative analytical
method is used to analyze the flexure behavior of the specimens.

1 INTRODUCTION

Fiber Reinforced Polymers (FRPs) have been exten-
sively used as externally bonded reinforcements in
the maintenance, rehabilitation and upgrading of
existing concrete structural members. FRP materials
offer plenty of advantages such as excellent strength/
self-weight ratio, easily handling, corrosion-free, low
maintenance, durability, speed of construction and
tremendous design flexibility. Being familiar with the
value of combining materials into a composite struc-
tural system, civil engineers make great effort to intro-
duce this attractive material into new constructions.
Besides of direct material substitution in conventional
reinforced concrete constructions where reinforcing
bars are replaced by FRP rebars, some new hybrid
FRP/concrete structural systems are also developed
under ‘material-adapted’ principle that takes advan-
tages of strengths inherent in each of its constituents
(Keller, 2003).

Aiming at flexural applications, several hybrid sys-
tems of FRP and concrete have been proposed where
CFRP or GFRP box and tubular sections have been
used as permanent forms and reinforcements (Fam &
Rizkalla, 2002; Yuan et al, 2002; Zhao et al, 2000,
2001; Ribeiro et al, 2003; Biddah, 2003). Although
concrete filled FRP tube (CFFT) system has been
applied as highway bridge girders (Zhao et al, 2001),
the applications of FRP/concrete hybrid system have
still been limited in a few demonstration projects.
Higher initial cost and deformability are the main
obstacles. Suffering from local buckling failure, the

thickness of CFRP tube in CFFT system had to be
increased which made the whole system to be too
expensive. To ensure the composite action of FRP
and concrete, mechanical interlocks such as inner heli-
coidal ribs or grooves in CFFT systems and nut bolts
in FRP/concrete composite beam were proved to be
indispensable to transfer shear force between FRP and
concrete. (Samaan, 1997; Mirmiran et al, 1999, 2001;
Aprile et al, 2000; Fam et al, 2001).

As an essential, convenient and effective joint
method of FRP structures, bonding technology is
widely used in the application of FRP in infrastructure.
Related problems such as structural performances and
debonding failure mechanics of reinforced concrete
beams with externally bonded FRP sheets have been
comprehensively studied (Wu & Niu, 2000; Niu & Wu,
2002).

To provide a new hybrid structure systems that
can be potentially cost-competitive with conventional
bridge construction practice, an innovative externally
bonded FRP sheets/concrete hybrid system is pro-
posed by the authors based on the research progress
of bonding technology at Ibaraki University (Wu et al
2004). In order to develop a comprehensively high
performances structural system and by considering
that the higher initial cost of a hybrid system may be
mainly influenced by the applied proportion of expen-
sive composites as reinforcements, a hybrid composite
material system is proposed by making the best of dif-
ferent kinds of continuous fibers in the viewpoints
of mechanical behavior and cost performance. Also,
instead of conventional interior shear connectors at
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Figure 1. Concept for hybrid externally bonded
FRP/concrete beam (Wu et al, 2004).

the interface of FRP and concrete, epoxy adhesive
technique is adopted to ensure the composite effect
between FRP and concrete.

As deformability is mainly influenced by elastic-
ity of reinforcing materials and cross-sectional design,
CFRP sheets with high strength are axially bonded on
the bottom surface of the concrete core to carry tensile
load and also to ensure the stiffness of the member
(as shown in Fig. 1). GFRP sheets with a high rup-
ture strain are wrapped in hoop direction outside the
CFRP sheets to provide confinement to the whole con-
crete core and prevent the premature debonding of
interior CFRP sheets. The application of glass fiber
may reduce material cost of the whole system and
provide better ductility and shear resistance for the
webs. The hybrid CFRP/GFRP layers form an inte-
grated jacket that can prevent inner concrete core from
harsh environment. The encased concrete core car-
ries compressive loads, stabilizes the thin FRP shell
against buckling on the compression side, and allows
the anchorage for possible connection with deck and
column. Steel bars with minimum reinforcement ratio
are used to control the localization and propagation of
flexural cracks.

This paper intends to evaluate the flexural per-
formance of externally bonded FRP sheets/concrete
hybrid system by experimental and analytical investi-
gations. Three different hybrid beams were manufac-
tured and tested in four-point bending test. In addition,
based on Euler-Bernoulli beam theory, an iterative
analytical model was also developed to predict the
flexural performances of the proposed hybrid beam
system.

2 EXPERIMENTAL PROGRAM

2.1 Materials and fabrications

All the composite materials were provided by Nip-
pon Steel Composite Co., Ltd.: T-glass fiber sheets
FTS-GT-30, high strength carbon sheets FTS-C1-20,
FTS-C1-30 and epoxy resin FR-E3PW (for winter).
Conventional steel deformed rebars (SD295A) with a

Table 1. Summary of composite material properties.

Tensile Young’s Ultimate
Thickness∗ strength∗ modulus∗ strain

Material (mm) (MPa) (GPa) (%)

FTS-C1-20 0.111 3400 230 1.60
FTS-C1-30 0.167 3400 230 1.60
FTS-C7-30 0.143 1900 540 0.45
FTS-GT-30 0.120 2700 86 3.20

∗ Based on manufacturer’s specification.

150

R30

20
0

40

150

20
0

A B

R30

40

2D6

2D6

Figure 2. Cross-section configurations of test specimens.

Table 2. Scheme of hybrid FRP/concrete beam specimens.

CFRP ratio as Number of layers
longitudinal and fiber types

Number reinforcement (%) for side web∗

A1 0.137 1G/1C

B1 0.148 2G

B2 0.273 1G/1C

∗ G for T-glass fiber, and C for high strength carbon fiber C1.

modulus of elasticity of 210 GPa and a tensile strength
of 440 MPa was used. The corresponding mechanical
properties of composite materials are listed in Table 1.

Two kinds of externally bonded FRP/concrete
hybrid beams were tested. All concrete cores of hybrid
beams had the same rectangular cross section of 200 ×
150 × 2000 mm, and were pre-cast using normal con-
crete with a compressive strength of 35.0 MPa and a
modulus of elasticity of 33.5 GPa.As shown in (Fig. 2),
specimen of Type A adopted plain concrete core. Con-
crete core of Type B specimen was reinforced by D6
steel rebars and no steel stirrups were used. Concrete
surface treatment was carried out in accordance with
standard concrete surface treatment for upgrading of
concrete structures with the use of continuous fiber
sheets.

Table 2 lists the experimental scheme of hybrid
beams. According to it, certain layers of carbon fiber
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sheets (width 90, 150 or 180 mm) were bonded along
the axial direction (at 0◦ angle) at the bottom surface
of the concrete core by epoxy resin, and then T-glass
fiber sheets were wrapped in hoop direction around
the beam (at 90◦ angle). Redundant resin was scraped
off. Electro-thermal blanket was used to maintain the
cure temperature above 25◦C.

2.2 Test procedure and instrumentation

Figure 3(a) shows the four-point bending test set-up.
The span of beam was 1700 mm and the distance
between the loads was 400 mm. The simply sup-
ported beams were loaded with load rate of 1 kN/min.
The beams were instrumented to record load, deflec-
tion and strain measurements. As shown in Fig. 3, in
order to measure the strain distribution, a series of
strain gauges were longitudinally bonded on the bot-
tom surface of the CFRP sheets. Longitudinal strain
on the top flanges at mid span was recorded for
the calculation of the curvature. Strain gauges were
transversally arranged along the center line of side web
in shear span and in the compression zone of midspan.
Two linear variable displacement transducers (LVDTs)
were used to record the midspan deflection.

3 TEST RESULTS

3.1 Experimental observations

During the load procedure, white slender strips that
indicated the development of the concrete cracks could

(a) A1

CFRPGFRP

(b) B1

Main crack at failure

Main crack at failure

concrete

Figure 4. Typical progressive crack patterns of hybrid
FRP/concrete beams.

be observed. It was difficult to find the occurrence of
initial cracks because the lower part of the side web
was covered by opaque carbon fiber sheets. (Fig. 4)
shows the visible developments of cracking behavior
of typical cases until final failure.

As shown in Fig. 4(a), the white strips which
indicated flexural cracks appeared first, and then
some declining strips which indicated the shear
cracks occurred. The length and width of white strips
extended with the increasing load, while the num-
ber of strips did not increase accordingly. The FRP
sheets ruptured thoroughly at the sudden final failure.
At the same time, the specimen broke into two parts
completely.

Figure 4(b) shows the typical crack distribution and
development of specimen series B. The flexural cracks
appeared a little earlier than shear cracks, and then not
only the length, but also the number of white strips
gradually increased with load. The cracks of concrete
could be heard discontinuously after the load exceeded
about 30–40% ultimate load. Not as brittle as series A,
failure was physically detectable and predictable. At
the end of loading, CFRP sheets at the bottom flange
were ruptured thoroughly in constant moment region.

No local buckling of FRP shell in compression area
of midspan and slippage between FRP and concrete
were observed in all the specimens.
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Table 3. Summary of the test results.

Initial Steel
cracking yielding Ultimate Deflection
load load load at failure

Beam (kN) (kN) (kN) (mm)

RC∗ 15.5 70.0 96.9 35.0
A1 18.5 / 89.9 25.7
B1 19.6 40.1 116.1 32.0
B2 21.4 44.7 166.1 43.0

∗ Reinforced concrete beam (Wu et al. 2002).
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Figure 5. Load–deflection curves.

3.2 Load–deflection behaviors

Test results are summarized in Table 3. The load–
deflection behavior of all specimens is illustrated in
Fig. 5. All three specimens failed in CFRP rupture, but
the load–deflection behavior was different. As shown
in (Fig. 5), load–deflection relations of specimen A1
and B1 were approximately linear after cracking. No
debonding occurred in A1 and B1 before the final
failure.

Small fluctuations are observed at the end of the
load–deflection curve of beam B2. It is considered as
a proof of debonding which occurred just a little before
the occurrence of the final failure.The reduction on the
stiffness of hybrid system after debonding is notice-
able. Premature debonding of longitudinal CFRP
sheets was effectively prevented by hoop wrapped FRP
sheets which act as reliable anchors.

The effect of steel yielding on the load–deflection
curve of specimen series B is not very obvious. The
load–deflection behavior also suggests that the stiff-
ness of the hybrid system after cracking and before
debonding is proportional to the CFRP ratio of hybrid
system.

4 DISCUSSION

4.1 Effect of steel rebars

First of all, steel rebars is proposed in this hybrid
system to control the localization and propagation of
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Figure 6. Load-lateral strain at midspan in compression
zone.

concrete flexural cracks. The mechanism of this effect
is the same as that of steel rebar in reinforced con-
crete beam. As mentioned in 3.1, the appearance and
development of concrete cracks were more distribu-
tive in specimen B1 than in A1. In specimen without
steel rebars, localized and wide-opened cracks resulted
easily in local stress concentration of FRP sheets, and
then caused premature FRP rupture and decreased
the ultimate load of the hybrid system. Because steel
rebars are not proposed to carry primary tensile load
in specimen series B, only deformed steel bars with
minimum allowable diameter (6 mm) were adopted.
The observed behaviors of series B also proved that
the effective steel reinforcement ratio could be as low
as 0.27% to satisfy crack distribution.

Secondly, the existence of steel rebars can avoid the
occurrence of dangerous collapse failure. The failure
mode of specimen without steel rebars was a thorough
breakdown where specimen broke instantly into two
separate pieces. Linear-elastic response of FRP rein-
forcement often stores large amount of elastic energy
in the structure, release of which may prove dev-
astating. In contrast with this total collapse failure
mode, the specimen with steel rebars can maintain its
integrity even after the rupture of CFRP sheets.

Finally, due to the comparability of Young’s moduli
of CFRP and steel, the proportion of CFRP and steel in
proposed hybrid system can be adjusted to achieve an
acceptable balance of properties and cost. This effect
is illustrated by a parametric study as presented in a
following section.
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4.2 Effect of confinement

Without axial load, the confinement of FRP rein-
forcements on concrete in pure flexure member was
believed to be neglectable. To confirm the confine-
ment in compression region, hoop strains was tested at
midspan. As shown in (Fig. 6), hoop strains measured
at midspan in the constant moment region evidently
increases with load, especially near the round corner.

The confinement effects of FRP varied with the
structure of hoop FRP sheets and load level. The max-
imum hoop strain at failure of Beam B2 is 0.0035
while that of beam B1 is only 0.0017. The variation
of hoop strain was small under about 2/3 failure load,
and then hoop strain increased rapidly. A majority of
total hoop strain of B2 (about 75%) is developed near
the ultimate load.

5 ANALYTICAL STUDY

5.1 Analytical model

An iterative analytical model was developed to predict
the flexural behavior of the hybrid beam. As shown in
(Fig. 7), this analytical model uses the principles of
strain compatibility and equilibrium.

The assumptions include:

1. Euler-Bernoulli beam theory
2. Linear strain distribution throughout the full depth

of the section
3. No slip between the longitudinal reinforcing steel

and the surrounding concrete
4. No slip between the externally bonded FRP sheets

and concrete
5. No Debonding or shear failure is accounted for.

Reinforcing bars is modeled by perfectly elastic-
plastic curve in both tension and compression, and
FRP materials are assumed to behave linear elasticity
until failure (shown in Fig. 8). Classical laminate the-
ory and maximum strain failure criterion of composite
materials are adopted.

Considering the concrete tension stiffening effect,
the model of Vecchio and Collins (1986) is used:

where f ′
tc = tension strength of confined concrete;

fcr = cracking stress of concrete; εcr = the correspond-
ing cracking strain of concrete.

To simulate the containment of the cracked concrete
in tension, the limiting ultimate tensile strain of the
concrete was taken as large as 1.60%.

Unconfined concrete is assumed to follow
Hognestad’s parabolic model (shown in Fig. 9), where
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f ′
c = compressive strength of concrete; fc = stress in

concrete; ε0 = strain in concrete corresponding to
compressive strength; εc = strain in concrete; Ec =
initial elastic modulus of concrete.

Due to the confirmed confinement effect of FRP
sheets, this concrete model is reasonably modified
to describe the behavior of confined concrete. As
the effect of confinement on compressive strength
of concrete is small in pure flexure, only the effect
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of confinement on the ultimate strain of concrete is
considered:

where k1 = confinement coefficient equal to 2.
Figure 10 shows the influence of FRP confine-

ment to the prediction of load–deflection relationship
of beam B2. Using unconfined concrete model, the
predicted failure mode of hybrid beam was compres-
sive failure and the ultimate load is far below the
experimental data. Adopting the confined concrete
model, the predicted failure mode of hybrid beam is
balanced failure where concrete crushing and CFRP
rupture take place simultaneously. And before the
occurrence of the debonding between CFRP and con-
crete, good agreement of experimental and analytical
data is observed.

Figure 11 shows the validation of the analytical
model by comparing the experimental and analytical
load–deflection relationships of beam A1 and B1.

5.2 Parametric study

The analytical model was applied in a parametric study
to examine the effects of CFRP ratio, stiffness of
FRP sheets, steel reinforcement ratio and compressive
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Figure 12. Load–deflection relationships of hybrid beams
with longitudinal CFRP ratio of (1) 0.068%, (2) 0.137%, (3)
0.205%, (4) 0.273%, and (5) 0.342%.
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strength of concrete on the flexure properties of hybrid
FRP/concrete beam.

The predicted load–deflection relationships are
illustrated in (Fig.12–Fig.15). Material properties are
as described earlier, the steel reinforcement ratio is
assumed to be 0.27%.

5.2.1 Longitudinal FRP ratio
As shown in Fig. 12, the ultimate strength of hybrid
beam increases with CFRP ratio, while the failure
mode changes from tension failure to compressive
failure.

Comparing a hybrid beam with 0.273% longitu-
dinal FRP ratio with an equivalent conventional RC
section with a 1.5% reinforcement ratio, the ultimate
load of hybrid beam is 2.57 times of that of RC beam.
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Table 4. Predicted performance of hybrid beams with
different longitudinal CFRP ratios.

Axial CFRP Steel yielding Ultimate
Specimen ratio load load
number (%) (kN) (kN)

1 0.068 25.7 60.7
2 0.137 32.8 98.5
3 0.205 39.0 132.0
4 0.273 46.3 166.0
5 0.343 53.8 178.0
RC∗ / 64.6 64.4

∗ With 1.5% reinforcement ratio.

Table 4 lists the predicted performances of proposed
hybrid beams. The steel yielding loads of the proposed
hybrid system are only about 27–42% of their ulti-
mate loads. Due to the minimum reinforcement ratio,
the steel yielding is no longer an appropriate failure
criterion for hybrid system. It is evident that the pro-
posed hybrid beam has a well performance in the load
carry capability.The hybrid beam is also comparable in
stiffness and ductility to this RC beam. The proposed
hybrid system with adhesively bonding technique is
confirmed to be effective as flexural members.

5.2.2 Longitudinal fiber type
The relationships between the type of longitudinal
reinforcement and the flexural performances of hybrid
system are shown in Fig. 13. The longitudinal FRP
ratio is assumed to be 0.273. The load–deflection rela-
tionships of three equivalent conventional reinforced
concrete beams with ordinary tensile reinforcement
ratios are also illustrated.

The steel yielding loads are as follow: T-glass
27.2 kN, C1 carbon 39.0 kN, and C7 carbon 67.0 kN.
Only the stiffness of hybrid beam reinforced by high
modulus carbon fiber (C7) sheets is comparable to a
RC beam of 2.5% reinforcement ratio. The reinforce-
ment of high strength carbon fiber (C1) sheets makes

the stiffness of hybrid beam comparable to a 1.5%
equivalent conventional RC beam. Due to the low stiff-
ness of GFRP, only 36% of the Young’s modulus of
CFRP, the proposed GFRP/concrete hybrid beam has
the lowest stiffness.

Although it is illustrated in Fig 12 that the stiff-
ness of hybrid beams increases with CFRP ratio after
the cracking of concrete, the increment of stiffness of
hybrid beam earned by increasing the layers of CFRP
sheets is limited. It seems that a higher stiffness of
CFRP/concrete hybrid beam may be obtained by a
lavish usage of CFRP sheets. However, the excessive
thickness of CFRP has been confirmed to be undesir-
able for the purpose of a fine bonding between CFRP
and concrete (Wu & Niu, 2000). It is not an appropriate
way to improve the stiffness by simply increasing the
layers of CFRP sheets, because the induced debond-
ing failure of FRP will destroy the composition effect
of FRP and concrete. Therefore, the adoption of high
modulus carbon fiber sheets in proposed hybrid beam
is inevitable to obtain a satisfying stiffness and an
acceptable cost of the system simultaneously.

The influence of fiber types on the deflection of
hybrid beams is also very noticeable. Hybrid beam
reinforced by high modulus carbon fiber sheets (C7)
breaks down at very low deflection (9.08 cm) due to
the low rupture strain of C7, 28% of that of C1. Mean-
while, the failure deflection of hybrid beam reinforced
by GFRP sheets is 46 cm. Although the low stiffness
of GFRP/concrete hybrid beam also influences the
deflection, the high rupture strain of T-glass fiber is
an important reason to the biggest failure deflection.

Hybrid beam reinforced by glass fiber has high
toughness and low stiffness while hybrid beam rein-
forced by high modulus carbon fiber has a contrary
performance. Material hybrid method might be the
best way to resolve this conflict. (Wu et al, 2002). In
order to ensure the stiffness and the ductility of hybrid
beam, reduce the material cost of hybrid beam, the
hybrid adoption of high modulus, high strength car-
bon fiber, and high toughness glass fiber should be
considered.

5.2.3 Steel reinforcement ratio
The longitudinal CFRP ratio is assumed to be 0.205
in Fig. 14. As shown in Fig. 14, the stiffness of hybrid
beams at service load level can be effectively increased
by the increase of the steel reinforcement ratio in
hybrid system. This also proves that the increase of
reinforcement ratio may be an effective way to satisfy
the stiffness demand and decrease the cost of hybrid
system simultaneously.

5.2.4 Compressive strength of concrete
The longitudinal CFRP ratio is assumed to be 0.205 in
Fig. 15. It illustrates that the adoption of high strength
concrete is beneficial to get a hybrid beam system with
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higher ultimate load. However, comparing with the
effect of fiber ratio and fiber type, the influence of
compression strength of concrete is not very obvious.

6 CONCLUSIONS

To study the effectiveness of a proposed hybrid beam
system with externally bonded CFRP/GFRP sheets
on the flexural behavior of hybrid beam, a series
of four-point bending flexural tests were conducted.
Moreover, an iterative analytical model was developed
to evaluate the flexural behavior of the hybrid beams.
The following conclusions can be deduced:

1. The proposed hybrid system with adhesively bond-
ing technique is confirmed to be effective as innova-
tive flexural members where a minimum reinforce-
ment ratio of rebars is considered to be necessary
to satisfy crack distribution.

2. The Euler-Bernouli beam theory is applicable to this
proposed hybrid system, provided that composite
action between FRP and concrete is fully developed.
In addition, the confinement effect is confirmed to
be important in the analytical model.

3. The load carrying capability, stiffness and ductility
of the proposed hybrid FRP/concrete beam system
can be realized through a rational design of different
kinds of FRP composites.

4. In order to improve the stiffness performance of
proposed hybrid beam, the adoption of the high
modulus carbon fiber sheets is necessary.
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A new fibre composite sandwich panel

M.F. Humphreys
Queensland University of Technology, Brisbane, Australia

ABSTRACT: Fibre composite materials are gaining a higher profile in infrastructure applications. Their use as
a structural material may be grouped into three main areas; rehabilitation and retrofit, reinforcement for concrete
and new fibre composite structures. Despite the considerable success of these materials in rehabilitation and
retrofit they have enjoyed little success as new fibre composite civil structures. One reason for this is the relatively
high cost of composite materials. One way to address this is to use fibre composite materials with other less
expensive materials. Research is being undertaken at the Queensland University of Technology to investigate
ways that fibre composite materials can be used with more traditional construction materials. This paper presents
preliminary research into a novel fibre composite sandwich panel which uses autoclaved aerated concrete as the
core material. Full scale fibre reinforced panels are fabricated and tested to destruction. Finite element analysis
of the slabs is also carried out and compared to the results of the destructive testing. Conclusions are drawn on
the suitability of autoclaved aerated concrete as a core material.

1 BACKGROUND

The use of fibre composite materials in civil and
structural engineering applications continues to gain
momentum. Their use in civil engineering has slowly
evolved from glass fibre reinforced polyester rod rein-
forcement for concrete in the 1960’s to fibre composite
post tensioning cables, externally bonded reinforce-
ment for rehabilitation of concrete and new fibre
composite bridge decks.

Some of the characteristics of fibre composite
materials most often espoused by proponents of the
materials include light weight, high strength, good
durability performance, versatility and good fatigue
resistance. Whilst these traits may be true of some
materials in some applications, the claims can be mis-
leading. The popularity of fibre composite materials
in rehabilitation and retrofit of existing structures is
testament to characteristics such as light weight and
versatility in terms of application, whilst durability or
electromagnetic and radiowave transparency are often
reasons for their use as reinforcement in concrete.

However, there are characteristics of fibre com-
posite materials which work against their use in civil
engineering.These characteristics include often higher
initial cost than traditional materials, civil designer’s
lack of familiarity with the material and industry, com-
posites industry not standardized, inadequate codes
and specification and incomplete or irrelevant long-
term durability data.

In order for fibre composite materials to gain accep-
tance as a mainstream construction material it is

important that the material’s shortfalls are minimized
and the benefits that the material offers are realized.
This cannot be achieved unless the material is designed
with the characteristics of fibre composites in mind.
Material traits which need to be exploited include
the ability to design the material concurrently with
the structure, versatility in geometry and suitability
to mass production of light weight modular sections
which can be assembled on site.

To civil engineers this should be nothing new. Steel
reinforced concrete structures have been designed with
these issues in mind for over a century as have timber
structures.

Underpinning the appropriate use of composite
materials by civil designers is the need for broad
based education and continuing research into uses of
fibre composite materials appropriate to construction
applications. From this should flow forms of standard-
ization suitable for a mature and sophisticated industry
such as construction. Education of the composites
industry will also be critical to providing commonality
between the composites industry and the construction
industry so that they can work together efficiently.

In certain areas of civil engineering the use of
fibre composite materials has already proven success-
ful. The widespread use of fibre composite materials
in rehabilitation and retrofit of civil infrastructure is
well known in both the construction and compos-
ites industries. It is an example of exploitation of
the unique characteristics of composite materials and
minimization of its shortfalls. The durability of fibre
composite materials in a marine environment has been
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exploited along with the material’s ability to cope with
non-circular pier cross sections with rehabilitation of
bridge piers in South East Queensland (Carse, 1997)
and novel installation methods have been developed
to exploit the ability to strengthening bridge supports
by wrapping them with CFRP tows (Toutanji and
Balaguru, 1998).

But despite the considerable success of these mate-
rials in rehabilitation and retrofit applications they
have enjoyed little success as new fibre composite
civil structures. Reasons for this have been given pre-
viously, but may also include negative past experience
with the material (which can often be attributed to
inappropriate use rather than a fault with the material).

One way in which fibre composite materials can be
used efficiently is by combining them with less expen-
sive traditional materials. This can allow expensive
high strength laminates to be used sparingly in con-
junction with a less expensive bulking material that
can also help to overcome stiffness challenges often
faced in civil design.

To this end fibre composite materials suit sandwich
panel construction and have been used in this form for
decades by traditional composites industries such as
marine and aerospace. However the soft cores used by
these industries may not suit some applications in the
construction industry.

A core material is required which not only provides
adequate structural performance, but should also be
durable, perform appropriately in fire and potentially
provide thermal and sound insulation. One possible
contender is autoclaved aerated concrete.

2 CORE MATERIALS FOR CIVIL
APPLICATIONS

Core materials traditionally used in the composites
industry include timber (balsa, plywood, sawn wood),
foam (polystyrene, polyurethane) and honeycomb
(aramid and aluminium). Each of these materials pos-
sesses characteristics which have made it well suited to
certain applications based on, for example, the desire
to provide durability or floatation, or to minimise
weight. When considered for use in infrastructure
applications, characteristics such as high strength and
light weight may become secondary to low cost, com-
patibility with traditional construction materials and
ability to provide the material in a suitably large quan-
tity often required for large construction projects. Of
the three core materials mentioned previously honey-
comb is unlikely to gain widespread acceptance as a
viable building material due mainly to its cost, lack of
versatility and fragile nature. On the other hand whilst
foam and balsa may not be able to provide a suitable
solution in all cases, they do possess certain properties
desirable to a civil designer.

Foams can be formulated to offer a high degree
of durability and reasonable mechanical properties.
A number of types are readily available in Australia
and the composites industry is familiar with many
of them. They have well-established processing tech-
niques, are workable with common tools and can be
obtained in forms which are relatively inexpensive.
However, some well known brands such as Corecell
and Divinycell can be relatively expensive and there-
fore may not provide an economic solution. Although
some polyurethane foam can be less expensive and
still possess reasonable mechanical properties, prelim-
inary tests have shown that bonding of laminates to the
foam can be difficult. This is critical to develop full
laminate strength sandwich panel applications where
the core is required to restraint thin strong faces from
buckling.

On the other hand the relative affordability,
availability, adequate mechanical properties, indus-
try familiarity and workability characteristics of
polystyrene foam could be considered distinct advan-
tages over other foams. However polystyrene has a
number of disadvantages including:

• Tendency to dissolve in contact with styrene
• Degradation of mechanical properties as tempera-

ture increases
• Low crushing strength
• Inability to take intermediate fixings
• Relatively low shear strength.

Compared to polystyrene foam, some of the
mechanical properties of balsa makes it an excellent
choice for a core material in civil structures including:

• Balsa’s relatively high shear strength and shear
rigidity

• Better resistance to lateral crushing
• Does not lose significant amounts of these proper-

ties at typical civil engineering service temperatures
of up to 100◦C

• The material is well known by the composites
industry

• Can be worked with standard wood working
machinery

• Readily available in many forms
• Unfavoured by insects
• Limited water ingress at laminate edges
• Tendency of balsa to char when burnt inhibits the

spread of fire
• Available in a range of dimensions.

However balsa has characteristics that may limit
its application in civil engineering and construction
such as:

• Inability to cope well with localised loading (this
can be accommodated by using localized hardpoints
to facilitate introduction of load into the structure

• Tends to absorb resin into its fibres

828



• Limited compressive strength and stiffness across
grain

• Limited sizes restrict versatility.

A new type of core material, based on what tra-
ditional composites industries call “syntactic foam”
was proposed by researchers at USQ who refer to it
more correctly as particulate filled resin (PFR) (Ayers
and van Erp, 1999). The material is made by com-
bining resin, which has been mixed with hardener or
catalyst, with filler particles such as ceramic micro-
spheres, hollow glass spheres or plastic beads. The
material is generally castable and the viscosity can be
varied by the addition of filler material. The objective
of the addition of filler material is to provide a balance
between cost, flowability and mechanical properties.

PFR offers a number of potential advantages over
traditional core materials such as foam and end grain
balsa. One of the main features of this material is that it
is castable. PFR can be cast into blocks and machined
into the desired shape, or, in the case of the trusses,
cast in the finished shape of the core including hollow
members. Tests (Ayers, 2001) indicated that PFR has
relatively high shear strength and shear rigidity, rea-
sonable tensile strength and tensile modulus and a high
compressive strength and compressive strain at failure.
It appears to be robust and capable of redistributing
concentrated loads at load, support and intermediate
fixing points.

Although tests provide positive reinforcement for
PFR, it is a relatively new material in civil engineering
contexts and as such there are a number of perfor-
mance characteristics that are unknown. These include
reaction to moisture (permeability and strength
effects), temperature performance and long-term static
and dynamic responses

Characteristics sought after in a core material to be
used in civil engineering applications would ideally
include:

• Low environmental impact
• Low cost
• High durability
• Tolerant of misuse and abuse
• Possess high axial stiffness and strength
• High shear strength and shear rigidity
• Robustness
• Ability to distribute concentrated loads into the

laminate
• Geometric stability
• Versatility
• Stable temperature performance
• Compatibility with other materials.

Hebel meets a number of these criteria particularly
low cost, high durability, geometric stability, versatil-
ity and compatibility. In addition it offers advantages
such as sound and thermal insulations, it is non-toxic,

light weight and easy to work as well as being familiar
to designers and builders, fire resistant and suitable
for modular construction. However it also possesses
some characteristics which need to be considered in
the design process such as low stiffness and strength
and lack of ductility.

3 DESIGN AND ANALYSIS

There appears to be no previous research into the use
of glass fibres to reinforce AAC spanning members.
The two fundamental aims of this exploratory study
were therefore to:

1. Study fabrication aspects of externally reinforcing
AAC panels with fibre composite materials

2. Assess the effect of the external reinforcement on
the structural behaviour ofAAC spanning members.

Design and analysis was based on an “off-the-shelf”
proprietary CSR Hebel AAC product, known as Pow-
erpanel, and locally available E-glass fibres and epoxy
resin.

Powerpanels are available in a range of lengths
and thicknesses, the panels used in this study were
2700 mm long × 600 mm wide × 75 mm thick. These
panels are nominally reinforced with light steel mesh
primarily used to accommodate transport loads. The
properties of the Hebel AAC material used in Power-
panels are provided in Table 1.

E-glass fibres were chosen for this study due to
their cost, availability and the short term nature of
the loading (Colan stitched 410 gsm). ADR246 epoxy
resin with ADH106 hardener was chosen for reasons
of cost, availability and industry familiarity with this
particular product. Laminate properties are provided
in Table 2.

Unidirectional (UD) fibres were used for the main
longitudinal reinforcement and were applied to the top
and bottom of the panels. Double bias (DB) fibres were
used to help distribute loading evenly to all UD fibres

Table 1. Properties of AAC used in Hebel Powerpanels.

ρ (kg/m3) σult.c (MPa) σult.t (MPa) Ef (MPa)

600 4.5 0.44 2190

Table 2. Properties of fibre composite laminates used in
this study.

Fibre σult.c σult.t Ef
form (MPa) (MPa) (GPa) εult.c % εult.t %

DB 200 320 17 1.3 2.0
UD 600 350 25 2.2 1.9
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Unidirectional fibresDouble bias fibres

Hebel AAC

Figure 1. Typical schematic section through fibre reinforced
Powerpanel.

and were provided as the initial layer on both sides of
each panel. The basic fibre architecture used in this
study is shown in Figure 1.

The compressive and tensile failure strains of the
Hebel panels were derived using Hooke’s Law and
the flexural elastic modulus and the failure stresses
(σult.c and σult.t) given in Table 1. The failure strains
of the AAC were predicted as εult.c = 0.21% and
εult.t = 0.02%. It can be seen by comparing these val-
ues of failure strain with those provided in Table 2 that
the failure strains of the AAC core are significantly
lower than the corresponding laminate failure strain.

This phenomenon has investigated previously by the
author (Humphreys, 2003). It was found that in pure
tension elements the low strength, low failure strain
core had little effect on the strength and stiffness of
the specimen. In the case of flexure it is likely that this
will not be the case as the core is required to restrain
the thin laminate faces from buckling and needs to
remain in tact until failure of the laminates.

However, it is reasonable to assume that the amount
of fibre reinforcement provided to the AAC panel will
determine panel strength. For this preliminary inves-
tigation two external reinforcement configurations on
identical cores were studied (an unreinforced Hebel
Powerpanel (Type 1) was used in this study as a bench-
mark). The first external reinforcement configuration
allowed a symmetrical/balanced sandwich panel to be
produced using one layer of DB and one layer of UD
laminate each side of the panel (Type 2). The second
arrangement produced an unbalanced/unsymmetrical
sandwich panel by reinforcing the top surface with a
single layer of DB and UD laminate and the bottom
surface with a single layer of DB and two layers of
UD laminate (Type 3).

Hand calculations based on the assumptions that the
core would remain in tact up to failure of the laminates,
using a transformed AAC cross section and using the
strain limits shown previously indicated that in both
configurations the sandwich panel would be able to
support significantly more load (greater than 50 times)
than it would unreinforced.

Figure 2. Schematic arrangement of FE model and test
configuration.

Simple supports

P =  1000N P = 1000N

Figure 3. Finite element model (side elevation).

Figure 4. Principal stress contours.

However it was suspected that the core would fail
well before the laminated faces, resulting in an instan-
taneous collapse. A simplified finite element analysis
was undertaken investigate this. The geometry of the
model (and test arrangement) shown schematically in
Figure 2 and the basic finite element model is shown
in Figure 3.

The simplified two-dimensional model used beam
elements to represent the top and bottom fibre lami-
nated faces and plate elements to represent the Hebel
AAC core. Material properties are as shown in Tables
1 and 2. The model is based on a four-point bending
system which will be adopted in physical testing and
has nominal 1000N loads applied at points shown in
Figure 2.

Results of a linear static analysis show that failure
could be expected to occur at a location between the
load application points and the supports in the form
of shear failure. This is likely to manifest in inclined
tensile cracks which will result in fracture of the core
and separation of the top and bottom laminated faces.
Figure 4 shows the principal (tensile) stress contours
for this region.

Figure 5 shows the principle (tensile) stress vec-
tors and an expected failure line has been produced
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Critical failure line

Figure 5. Principal stress vectors.

based on the magnitude and direction of the principal
stresses.

This mode of failure would significantly reduce the
load carrying capacity of the structure. Using the finite
element model, stress limits fromTable 1 and assuming
failure of the core would result in complete failure
of the structure, the maximum expected ram load to
cause collapse would be approximately 7.1 kN. The
extra layer of fibre reinforcement given to the bottom
side of one of the specimens would tend to increase
flexural rigidity somewhat, but was expected to have
little effect on overall load carrying capacity due to the
failure mode.

4 TESTING

Three specimens were prepared for the four-point
bending test configuration shown in Figure 2. The
first specimen was not reinforced externally with fibre
composite material (Type 1), the second had a single
layer of DB against the core top and bottom and a sin-
gle outer UD laminate top and bottom (Type 2). The
third specimen used the same basic configuration as
Type 2 with an extra outer UD laminate on the bottom
surface (Type 3).

Manufacture of the fibre reinforced test specimens
consisted of brushing of the Hebel Powerpanel surface
to remove loose material. A test had been performed
on an area of Hebel AAC to determine the amount
of resin that would be absorbed by the AAC. Hebel
AAC appears to absorb a negligible amount of resin.
The specimens were hand laminated using rushes and
rollers. A small fibre reinforced Hebel AAC test sam-
ple was post cured to determine the effect of heat on
the specimen. The test highlighted the potential for the
Hebel AAC core to become damaged during the cur-
ing process, possibly due to the severe thermal gradient
that would occur in the AAC specimen. For this rea-
son the specimens fabricated for this study were not
post cured. This could potentially affect the perfor-
mance of the double bias layer, however it is unlikely
to have a significant effect on the performance of
the unidirectional fibres. The specimens are shown in
Figure 6.

a)

b)

Figure 6. a) Hebel AAC Powerpanel with no external rein-
forcement (Type 1) and b) Hebel AAC Powerpanel externally
reinforced with E-glass/epoxy fibre composites (Type 2 and
Type 3).

Figure 7. Typical specimen in test rig.

Strain gauges were installed onto the specimens at
midspan top and bottom and linear varying displace-
ment transducers were installed to measure midspan
deflection. Pressure transducers were used to mea-
sure ram load. Monotonically increasing loading was
applied at a rate of 2 mm/minute up to failure.A photo-
graph of a finished specimens in the test rig is provided
in Figure 7.

5 RESULTS

Three panels were tested to destruction. The unrein-
forced panel showed significant ductility during load
and failed in a slow controlled manner. The mode of
failure was tensile fracture of the AAC material on the
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Figure 8. Powerpanel with no external reinforcement
(Type 1).

a)

b)

Figure 9. a) Failed Hebel AAC Powerpanel – externally
reinforced. b) Failed Hebel AAC Powerpanel – externally
reinforced (close view of failure).

bottom surface of the panel near the loading points.
Figure 8 shows the failed specimen.

The failure mode of the externally reinforced Pow-
erpanels differs significantly from that of the plain
Powerpanel. Both externally reinforced Powerpanels
suffered identical failure modes.

Figure 10 shows a graph of the load versus displace-
ment for each panel.

The maximum load carried by each specimen, the
maximum midspan deflection and the maximum ten-
sile and compressive strain generate at midspan top
and bottom in each specimen is contained in Table 3.

The results show that whilst a significant increase
in load carrying capacity is possible, it falls well short
of the improvement which could be expected if the
core remains intact up to failure of the laminated
faces. Nevertheless an improvement of over 400% in
terms of strength and over 800% in stiffness (kN/mm
of midspan deflection) have been demonstrated. The

Preliminary Hebel Powerpanel tests
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Figure 10. Graph of load versus midspan displacement for
all three specimens.

Table 3. Maximum load, maximum tensile and compressive
strain and midspan deflection at failure.

Max Max Max Midspan
ram tensile comp. deflection at

Specimen load (kN) strain (%) strain (%) failure (mm)

Type 1 2.18 0.021 −0.028 >100
Type 2 8.91 0.37 −0.21 57
Type 3 9.08 0.23 −0.20 39

following points are also noteworthy:

• The Type 3 panel deflected 30% less at failure than
the type 2

• The extra layer of fibre reinforcement installed on
the Type 3 panel did little to improve strength

• Very low strains were generated in the laminates
• No localized crushing was observed during loading
• Vertical flexural cracks in the core appearing at the

bottom of the panel had little affect on the per-
formance of the laminates or the structure as a
whole

• The ductile behaviour of the Type 1 Powerpanel was
not reproduced by the Type 2 or Type 3 panels.

6 CONCLUSIONS

It is possible to design and analyse externally rein-
forced panels as developed in this study using well-
established engineering methods and simple finite
element analysis. The fabrication of these panels was
quite straight forward and did not require the use of any
special tools or facilities. Locally available materials
were used to produce the panels. The use of locally
available materials was convenient and kept costs to a
minimum.

This exploratory research showed that a signifi-
cant increase in strength and stiffness can be produced
in Hebel AAC Powerpanels by externally reinforcing
them with E-glass/epoxy fibre composite laminates.
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Potential strength gains above those achieved in this
study are difficult to realize due to the low strength of
the AAC core material. The configuration used in this
test resulted in a loss of member ductility.

Within serviceability limits it may be possible to
produce significant improvements in panel stiffness
by increasing the amount of external fibre compos-
ite material. However this tends to result in an over
reinforced section and hence inefficient material use
in terms of strength. A more prudent approach would
be to vary the depth of the cross section providing
greater separation of the laminated faces and more bal-
anced use of the laminates in terms of strength/stiffness
although the weight of the panel will increase.

The level of improvement in strength performance
of these panels equates to a load carrying capacity of
around 5 kPa. The ability to improve the panels load
capacity to this level could allow the panels to be used
in a number of new horizontal and vertical spanning
applications.

Despite the limitations imposed by the apparent
inability to post cure the specimens, this study shows
that, at this early stage of development, AAC can
be considered as a suitable core material in terms of
structural performance for fibre composite sandwich
panels construction. However suitable applications
would be limited to those which are not required to
carry significant load.

7 FUTURE DIRECTIONS

The development of a more economically viable ver-
sion of these panels is underway. The more efficient
use of the expensive reinforcing to produce modest
stiffness and strength improvements will allow this
type of panel to be used as internal partitions in
highrise buildings.

In addition to this,AAC beams externally reinforced
with fibre composite materials are under investigation

using innovative reinforcement patterns which aim to
reduce the problem of shear failure in the core.
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ABSTRACT: This paper presents the bending properties of the secondary bonded pultruded I-shaped FRP
beams manufactured due to the restriction of FRP molding size. The properties of these beams may be different
from those of the composite beams, because the adhesive layers have different properties. Firstly, comparison of
the experimental results with the calculated results about the load–deflection curve showed that the bonded FRP
beam could be assumed as a composite beam to some extent. Secondly, the shear deformation of the bonded
beam gives the peel stress in the adhesive layer, but little effect was observed in the FEM results. Thirdly, the
authors considered that the strength of the secondary bonded pultruded I-shaped FRP beam should be estimated
by the three-dimensional analysis, through the comparison of the experimental results with the calculated results.

1 INTRODUCTION

Few cases have been observed where FRP materials are
applied to bridge structural members. One main reason
is why the cost of FRP materials is higher than the ordi-
nary materials such as steel and concrete. The bridge
structural member requires a large-cross-section when
it is used as a bending structural member. The molding
cost of a large-cross-section FRP structural member is
higher than a small-cross-section one, because none of
the appropriate molding box is generally used to mold
a large-cross-section FRP structural member resulting
in the introduction of a new large molding box. The
development of the cost-effective molding method is
required. One of the methods to manufacture a large-
cross-section FRP structural member is to bond the
small-cross-section FRP structural members molded
by the existing FRP molding boxes. The secondary
bonded FRP deck is one of the examples of bonding
the small-cross-section FRP products to manufacture
a large-cross-section FRP product. It can be a cost-
effective method to manufacture a large-cross-section
FRP structural member if the property of the adhesive
layer is equivalent to that of the FRP material.

In this study, the authors focused on the secondary
bonded pultruded I-shaped FRP beam which consists
of four pultruded FRP structural members. Firstly, they

conducted the bending test for the bonded pultruded
I-shaped FRP beams and described the experimental
results. After that, they compared them with the calcu-
lated results assuming the bonded beam as a composite
beam. Secondly, they studied the stress properties in
the adhesive layer because the strength of the adhe-
sive layer is considered weaker than the FRP material.
Finally, they conducted the FEM analysis and com-
pared the calculated results with the experimental
results.

2 EXPERIMENT

2.1 Sample

The secondary bonded pultruded I-shaped FRP beam
consists of two channel pultruded FRP beams and two
pultruded FRP plates. The bonding method of the FRP
beams and the FRP plates are shown in Fig. 1. Firstly,
the two channel pultruded FRP beams were bonded
with each other to manufacture the I-shaped beam.
Secondly, two pultruded FRP plates were bonded to
the upper and the lower flange of the above I-shaped
beam. The used resin in the FRP material is a vinyl-
ester resin and the adhesive is an epoxy adhesive. Four
cross-section types were used in the bending test. First
one consists of upper GFRP plate, two channel GFRP
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Figure 1. Cross-section types of the bonded beam.

Table 1. FRP material types of the channel beams and the
plates.

Channel beam Upper plate Lower plate

No.1 GFRP GFRP GFRP
(M/R/M) (M/R/M) (M/R/M)

No.2 GFRP GFRP CFRP
(M/B/C/R/C/M) (M/R/M) (M/T/M)

No.3 GFRP CFRP CFRP
(M/B/C/R/C/M) (M/T/M) (M/T/M)

No.4 GFRP GFRP GFRP
(M/B/C/R/C/M) (M/R/M) (M/R/M)

beams and lower GFRP plate. Second one consists
of upper GFRP plate, two channel GFRP beams and
lower CFRP plate. Third one consists of upper CFRP
plate, two channel GFRP beams and lower CFRP plate
(CGC beam). Fourth one consists of upper thick GFRP
plate, two channel GFRP beams and lower CFRP plate
(GGC beam). The bending stiffness of CGC beam is
equivalent to that of GGC beam. Fig. 1 shows these
cross-section types.

Table 1 shows the FRP material types composing
the bonded beams for the cross-section No.1–No.4.
Parentheses indicate the stacking sequences of the FRP
channel beams and the FRP plates. In this expres-
sion, M indicates Mat layer, B indicates Bias layer,
C indicates Cloth layer, R indicates Roving layer and
T indicates Tow layer.

According to Table 1, the stacking sequence is
Mat/Roving(Tow)/Mat, or Mat/Bias/Cloth/Roving
(Tow)/Cloth/Bias/Mat. Mat layer consists of random

600350 350

1450

Figure 2. Bending test for the bonded beam.

Table 2. Test results (maximum load and Deflection).

Maximum load (N) Deflection (mm)

No.1 41,460 91.5
No.2 49,590 87.4
No.3 41,670 90.4

(24,688) (33.0)
No.4 (50,280) (63.6)

oriented fibers and Bias layer consists of ±45◦ ori-
ented fibers. Cloth layer consists of 0◦ and 90◦ oriented
fibers. The fiber weaving types of Bias layer and Cloth
layer are knitted types. CFRP includes carbon fibers
in Tow layer and glass fibers in the other layers, while
GFRP includes glass fibers in all layers.

2.2 Bending test

Figure 2 shows the configuration of the bending test
with two concentrated loads. The loading speed is
6 mm/min. Table 2 shows the maximum loads and
the deflections at the mid-span. The maximum load
is the sum of two concentrated loads. The paren-
theses in the cross-section No.3 indicate the values
when the upper CFRP plate was subjected to the com-
pressive failure and the debonding under the loading.
The parentheses in the cross-section No.4 indicate the
values when the loading machine stopped under the
loading.

For the cross-section No.1, the channel beams and
the plates performed together without debonding until
the final failure. At the final failure, the web was sub-
jected to the shear failure and the plates were debonded
at the same time.

For the cross-section No.2, the lower CFRP plate
was partly debonded around the mid-span under load-
ing. However, the channel beams and the plates per-
formed together until the final failure. At the final
failure, the flanges of the channel beams were sub-
jected to the compressive failure around the loading
point, and the debonding of the upper GFRP plate was
also observed.

For the cross-section No.3, the upper CFRP plate
was subjected to both the compressive failure and the
debonding around the loading point, when the load
reached about 25,000 N that is half of the final load.
This location is between the supporting point and the
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Figure 3. Compressive failure and debonding of the upper
CFRP plate.
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Figure 4. Load–deflection curve of the bonded beam.

loading point (Fig. 3). At the final failure, the upper
CFRP plate was debonded all over and the flanges of
the GFRP channel beams were subjected to the com-
pressive failure around the loading point. The bonded
FRP beam could not keep the initial condition after the
failure of the upper CFRP plate.

Figure 3 shows the failure of the upper CFRP plate.
No information was obtained through the test about
whether the failure of the upper CFRP plate can be
attributed to the compressive failure or the debonding.

For the cross-section No.4, the loading machine
stopped at about 50 kN which we considered as the
maximum load of the cross-section No.4. The channel
beams and the plates performed together until the load-
ing machine stopped. No debonding of the plates and
no compressive failure of the upper plate was observed
under the loading.

2.3 Deflection at the mid-span

Figure 4 shows the relationship between the load and
the deflection at the mid-span for the cross-section
No.1–No.4. The discontinuity of the load–deflection
curve for the cross-section No.3 is due to the reduc-
tion of the bending stiffness by the failure of the upper
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Figure 5. Difference between the experimental
results and the calculation results for the deflection
(difference = experiment − calculated).

Table 3. Elastic moduli of the FRP structural members.

Channel beam Upper plate Lower plate
(GPa) (GPa) (GPa)

No.1 30.15 (flange) 29.06 29.06
27.68 (web)

No.2 25.54 (flange) 29.06 80.79
18.09 (web)

No.3 25.54 (flange) 80.79 80.79
18.09 (web)

No.4 25.54 (flange) 29.06 80.79
18.09 (web)

CFRP plate. Figure 5 shows the difference between
the experimental results and the calculated results for
the deflection at the mid-span. The calculated results
were obtained by assuming the bonded beam as a
linear-elastic composite beam neglecting shear defor-
mation. Equation 1 gives the calculation method of
the deflection δ at the mid-span, where P is the sum
of two concentrated loads, l is the span length, a is the
length between the supporting point and the loading
point, and (EI)T is the bending stiffness of the bonded
beam.

Table 3 shows the elastic moduli of GFRP and CFRP in
the beam axis direction. These moduli were calculated
by the rule of mixtures.

According to Fig. 5, the difference is nearly equal to
zero for the cross-section No.1, No.2 and No.4, espe-
cially at the initial stage of loading. The difference
for the cross-section No.3 is also close to zero before
the failure of the upper CFRP plate. The consideration
through the load–deflection curve suggests that the
secondary bonded I-shaped FRP beam can be assumed
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as a composite beam neglecting shear deformation to
some extent.

2.4 Compressive stress in the upper plate

The compressive stress at the middle of the upper plate
can be easily calculated, by assuming the bonded beam
as a composite beam neglecting shear deformation. In
this case, the maximum compressive stress appears
between the loading points. Table 4 shows the maxi-
mum compressive stress and the compressive strength
of upper GFRP or CFRP plate. The values for the
cross-section No.3 are at the failure of the upper CFRP
plate. The values for the cross-section No.4 are at the
stopping of the loading machine.

The maximum compressive stress is higher than the
compressive strength only for the cross-section No.3.
It suggests that the failure of the upper CFRP plate
may be attributed to the compressive failure. However,
if the compressive failure is a main factor, the location
of the failure must be between the loading points. This
location is between the supporting point and the load-
ing point. Only this simple analysis cannot bring that
the compressive failure of the upper CFRP plate is a
main factor.

2.5 Shear stress in the adhesive layer

The shear stress can be calculated by Equation 2, where
the composite beam consists of N layers shown in
Fig. 6.

τi is the shear stress in the i-th material. F is the shear
force. bi is the width of the i-th material. Ei is the elastic
modulus of the i-th material. Ii is the second moment
of the i-th material cross-section. Si is the first moment
of the i-th material cross-section.

The shear stress in the adhesive layer was calcu-
lated for the bonded beam shown in Fig. 2. In this
calculation, it is assumed that the stress distribution in
the bonded beam is two-dimensional. Figure 7 shows

Table 4. Maximum compressive stress in the upper plate
and compressive strength of the upper plate.

Maximum stress (MPa) Strength (MPa)

No.1 337.9 450
No.2 409.5 450
No.3 335.8 300
No.4 271.3 450

the shear stress in the adhesive layer for the maximum
load. The maximum load for the cross-section No.3 is
at the failure of the upper CFRP plate. The maximum
load for the cross-section No.4 is at the stopping of the
loading machine.

The shear stress in the upper adhesive layer is
3–4 MPa for the cross-section No.1–No.3, while that
is about 6 MPa for the cross-section No.4. The shear
stress for the cross-section No.3 is lower than the cross-
section No.4 with same bending stiffness, while the
debonding of the upper FRP plate was observed only
for the cross-section No.3. It suggests that the shear
stress in the adhesive layer is not a main factor of the
failure of the upper CFRP plate.

A1, E1

A2, E2

Ai, Ei

AN, EN

Figure 6. N layers as a composite beam.
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Figure 7a. Shear stress in the upper adhesive layer.
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Figure 7b. Shear stress in the lower adhesive layer.
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3 STRESS PROPERTIES IN THE ADHESIVE
LAYER

The channel beams and the plates should be prevented
from debonding before the entire bending failure in
view of applying them to bridge structural members.
This section focused on the stress properties in the
adhesive layers by the formulation of the stresses in
the adhesive layers for the bonded beam. The assumed
bonded beam consists of three FRP beams bonded with
each other. The formulation is based on the Smith
and Teng’s method for the concrete beam bonded
with the FRP plate below. It contains the following
assumptions.

1) The bonded beam is subjected to both bending
deformation and shear deformation.

2) The stresses in the bonded beam are two-
dimensional.

3) Each FRP beam is linear elastic.
4) Each FRP beam deforms with equal bending

curvature.

The adhesives are only subjected to both shear stress
and peel stress. The constant stress is assumed across
the thickness of the adhesive layer. Figure 8 shows
the differential element of the assumed bonded beam.
It also shows the shear stress and the peel stress in
the adhesive layers, bending moment, axial force and
shear force in the FRP beams. The shear stress in the
adhesive layer 1 and 2 is described as Equation 3.

Figure 8. Differential element of the bonded beam.

The x axis is the beam axis. τi is the shear stress in
the i-th adhesive layer. ui is the displacement in the x
direction of the i-th FRP beam. U and L mean the upper
end and the lower end of the FRP beam, respectively.
Gai is the shear modulus of the i-th adhesive layer. tai
is the thickness of the i-th adhesive layer.

The governing equation of the stress in the adhesive
layer can be derived according to the Smith and Teng’s
method. The strains at the upper end and the lower
end of the FRP beam in Equation 3 are expressed in
terms of axial force, bending force and shear force.
Assuming that the bending curvatures of the FRP beam
1, 2 and 3 are equivalent, the governing equation can
be described as Equation 4.
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σi is the peel stress in the i-th adhesive layer. Gi is the
shear modulus of the i-th FRP beam. Ai is the cross-
section area of the i-th FRP beam. yi is the distance
between the neutral line and the end line of the i-th
FRP beam. αi is the effective shear area multiplier of
the i-th FRP beam. b is the width of the FRP beam.

Equation 4 suggests that the peel stress exists in the
adhesive layer in addition to the shear stress when the
shear deformation of the FRP beam can be involved.
The shear modulus of FRP is lower than that of steel,
which suggests that the existence of the peel stress
may not be neglected. On the other hand, only the
shear stress exists in the adhesive layer when the shear
deformation of the FRP beam can be neglected. Involv-
ing shear deformations of the secondary bonded FRP
beam, both the shear stress and the peel stress can be
factors of the debonding in the adhesive layer.

4 FEM ANALYSIS

Equation 4 is difficult to solve in an explicit form.
In addition to this, it is based on the several assump-
tions. The FEM analysis is considered as an effective
method to obtain the accurate stresses, because few
assumptions are required and the calculation is not
complicated.This section focused on the failure mech-
anism of the upper CFRP plate for cross-section No.3
through the FEM results of the cross-section No.3 and
No.4. The cross-section No.3 and No.4 have the equal
bending stiffness, while only the cross-section No.3
lost its structural function before the entire bending
failure due to the failure of the upper CFRP plate. The
comparison of the FEM results for both cross-sections
is to give the valuable basis of the failure mechanism.

The elastic moduli of CFRP and GFRP are shown
in Table 5. x indicates the horizontal direction parallel
to the beam axis. y indicates the horizontal direction
normal to the beam axis. z indicates the vertical direc-
tion normal to the beam axis. Figure 9 shows the x,

Table 5. Elastic moduli and poisson’s ratios of the channel
beams and the plates.

Channel beam Plate

Flange Web GFRP CFRP

Ex 25.2 GPa 18.1 GPa 29.1 GPa 80.8 GPa
Ey 8.93 GPa 5.0 GPa 7.42 GPa 7.64 GPa
Ez 5.0 GPa 11.0 GPa 5.0 GPa 5.0 GPa
Gxy 5.0 GPa 4.0 GPa 4.0 GPa 4.0 GPa
Gyz 4.0 GPa 4.0 GPa 4.0 GPa 4.0 GPa
Gxz 4.0 GPa 6.0 GPa 4.0 GPa 4.0 GPa
νxy 0.3 0.3 0.3 0.3
νyz 0.3 0.3 0.3 0.3
νxz 0.3 0.3 0.3 0.3

z

y

x

Figure 9. Coordinate axes of the bonded beam.

y and z axes. The FEM analysis was conducted for
the maximum load. The maximum load for the cross-
section No.3 is at the failure of the upper CFRP plate.
The maximum load for the cross-section No.4 is at the
stopping of the loading machine.

The calculated results for both cases show that the
local stress is dominant around the loading point,
where the failure of the upper CFRP plate was
observed for the cross-section No.3. Figure 10 shows
the shear stress in the upper adhesive layer around
the loading point. The location in the y direction for
Fig. 10(a) is at the center line and that for Fig. 10(b)
is 16.5 mm away from the center line. According to
the figures, the shear stress for the cross-section No.3
is smaller than the cross-section No.4, which sug-
gests that the shear stress is not a main factor of the
debonding.

Figure 11 shows the peel stress in the upper adhe-
sive layer around the loading point. The location in the
y direction for Fig. 11(a) is at the center line and that
for Figure 11(b) is 16.5 mm away from the center line.
Figure 11(a) shows that the peel stresses for both cases
are below zero. Figure 11(b) shows that the maximum
peel stress for the cross-section No.4 is about 2–3 MPa
around the loading point and that for the cross-section
No.3 is about 1–2 MPa. It suggests that the peel stress
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Figure 10a. Shear stress in the upper adhesive layer (center).
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Figure 10b. Shear stress in the upper adhesive layer (side).
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Figure 11a. Peel stress in the upper adhesive layer (center).

is not a main factor of the debonding. The shear defor-
mation of the FRP beam gives little effect on the peel
stress. The compressive failure and the debonding of
the upper CFRP plate cannot be attributed to the stress
in the adhesive layer.

Comparing the calculated shear stresses in the adhe-
sive layer shown in section 2.5 with those shown in this
section, they are recognized quite different. The two-
dimensional analysis is assumed in section 2.5, but it
may not give the accurate values because the stresses
change across the x-y plane. The three-dimensional
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Figure 11b. Peel stress in the upper adhesive layer (side).
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Figure 12. Compressive stress in the upper plate.

analysis such as the FEM analysis is required to obtain
the accurate values.

Figure 12 shows the compressive stress in the upper
plate.The location in the y direction is at the center line
and that in the z direction is at the middle of the plate.
The maximum compressive stress appears around the
loading point. It means that the FEM analysis can give
the local stress different from the calculation method
shown in section 2.4. The figure tells that the maxi-
mum compressive stress for the cross-section No.3 is
about 390 MPa while that for the cross-section No.4
is about 290 MPa. On the other hand, the compres-
sive strength of the CFRP is around 300 MPa and that
of the GFRP is around 450 MPa, as shown in Table 4.
The compressive stress in the CFRP plate for the cross-
section No.3 is higher than the compressive strength,
while the compressive stress in the GFRP plate for the
cross-section No.4 is much lower than the compressive
strength. Fig. 3 also indicates the delamination of the
upper CFRP plate in addition to the compressive fail-
ure and the debonding. For the cross-section No.3, it
is considered that the upper CFRP plate was subjected
to the compressive failure, leading to the delamination
and the debonding. The compressive failure is consid-
ered as a main factor of the fracture and the debonding
of the upper CFRP plate.
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The authors considered that the strength of the sec-
ondary bonded pultruded I-shaped FRP beam should
be estimated by the three-dimensional analysis includ-
ing shear deformations such as the FEM analysis,
because the two-dimensional analysis shown in section
2 could not give the accurate values. In this analysis,
it is desired that the failure criterion is applied to both
the FRP materials and the adhesive layers.

5 CONCLUSIONS

The study contains the following conclusions.

1) The secondary bonded FRP beam can be assumed
as a linear elastic composite beam at the initial stage
of loading when the FRP plate is not debonded.

2) The adhesive layer of the secondary bonded FRP
beam is subjected not only to the shear stress but
also to the peel stress when the shear deformation
of the bonded beam is involved.

3) The shear deformation of the secondary bonded
FRP beam gives little effect on the peel stress in
the adhesive layer according to the FEM analysis.

4) The strength of the secondary bonded pultruded
I-shaped FRP beam should be estimated by
the three-dimensional analysis such as the FEM
analysis.
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Friction and load transfer in bolted joints of pultruded fibre
reinforced polymer section

J.T. Mottram
School of Engineering, University of Warwick, Coventry, United Kingdom

ABSTRACT: A steel plate-to-plate joint test procedure is adapted so that it can be used to determine the
approximate static coefficient of friction for Pultruded Fibre Reinforced Polymer (PFRP) on PFRP. By lubricating
the steel bolts before their installation the coefficient is found to increase and, at 0.25, is similar to the coefficient
of dry steel on steel. New results from a bolt tension relaxation test are present. These show that the loss in bolt
tension in a PFRP bolted joint is likely to be >40% during the lifetime of the structure. Based on the paper’s
results, and other information, a worked example for a single bolted joint is used to show that we cannot develop
a joint design procedure that relies on a pre-defined bolt torque to ensure that all the joint loading is transferred
by friction.

1 INTRODUCTION

Pultruded Fibre Reinforced Polymer (PFRP) struc-
tural sections consist of thin-walled composite profiles
having overall dimensions up to 1000 mm and wall
thicknesses up to 25 mm (Anon 1989, Anon 1995,
Anon 2001). Reinforcement is E-glass fibre in two
forms, namely unidirectional (UD) rovings and contin-
uous filament (or continuous strand) mats. The matrix
is a thermoset resin such as polyester or vinylester,
which often contains filler and other additives. PFRP
structural sections are used in primary load-bearing
structures with steel (galvanised stainless) bolts being
the preferred method of connection (Turvey 2000).
Primary joints are expected to provide strength and
stiffness to the PFRP structure throughout its life
(Clarke 1996). Failure of such joints would constitute
major structural damage and be hazardous to life. The
safe and reliable design of bolted joints is therefore a
priority.

Mottram & Turvey (2003) have recently completed
a review on the physical test research for plate-to-
plate PFRP bolted joints. Its aim was to consider
what the test data had to offer us for the appraisal
of recognised connection design procedures (Clarke
1996, Hart-Smith 1985). In the review the authors
present salient information on the 16 series of tests
that have, for single-bolted and multi-bolted double lap
joints, provided some 1700 ultimate strength results.
They found that different joint variables had been stud-
ied, since the 16 series had different objectives. These
differences reflect the current state of guidance on
joint design and installation in the pultruders’ design

manuals (Anon 1989, Anon 1995, Anon 2001) and
elsewhere (Clarke 1996).

A majority of the previously tested joints had the
bolting tightened to the finger-tight condition and were
failed subjected to monotonic stroke or load rates
(Mottram & Turvey 2003). Of the many variables that
can be changed the joint test series presented in the
review did not considered how varying the bolt torque
could effect the load transferred by friction (i.e. via
shear forces over the contacting surfaces). Mottram,
Lutz & Dunscombe (2004) conducted a small test
series to determine the coefficient of friction for dry
PFRP on PFRP to be about 0.2. It used a structural
steelwork joint test method (Kulak, Fisher & Struik
2001) with the two bolt sizes of M12 and M16. They
used current understanding on the behaviour of sim-
ilar joints to conclude that a joint design procedure
that relied on the entire joint force being transferred
by friction could not be prepared. Additional physical
tests were required, since the findings were very pre-
liminary and the test procedure with the M16 bolt size
did not conform to practice. In this paper the author
presents a follow-on study which had the objective
of providing new information to address a number of
issues arising from the preliminary work by Mottram
et al. (2004).

Justification for not recommending a high bolt
torque (Clarke 1996) when assembling PFRP joints
can be made since material creep, without the need to
be exposed to elevated temperature (Scott & Zureick
1998), will undoubtedly allow the bolt tension (i.e. the
clamping force) to reduce in the long-term. For the
first time experimental measurements are presented
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from a bolt force relaxation test which supports this
recommendation.

2 BOLT TORQUE AND LOAD TRANSFER
BY FRICTION

Cooper & Turvey (1995) showed that the clamping
force generated by the bolt torque is beneficial in
increasing the strength of PFRP bolted joints.This was
because the onset of bearing failure was suppressed.
Of the 1700 joint tests reported by Mottram & Tur-
vey (2003) about 18% had a bolt torque higher than
the finger-tight condition.This was because it is recog-
nised that PFRP material creeps such that it would not,
over the life of the structure, be prudent to rely on the
clamping force to suppress the onset of bearing failure
in the bolted joints.

Considering what current practice offers (Anon
1989, Anon 1995, Anon 2001), it is observed that
PFRP joint detailing is likely to have a bolt pre-load,
induced via a specified torque (there is, however, no
consensus on what tension stress the bolt should expe-
rience). To comply with UK (European) steelwork
practice (Anon 1985) and Clause 5.2.2.3(6) in EURO-
COMP Design Code (Clarke 1996), it is, however,
found that bolting is recommended to be tightened
to the finger-tight condition. This low pre-load is
expected to take into account factors such as poor
on-site practice, the effect of long-term creep, cyclic
loading, fatigue and vibration or their combination,
and the likelihood that, with FRPs, little connection
load is transferred by friction. For the reasons just
given, the strength design of bolted FRP joints (Clarke
1996, Hart-Smith 1980) should not be expected to be
based on including any additional resistance offered
by the bolting having a high pretension that suppresses
initiation of damage.

Both European (Anon 1985) and American (Kulak
et al. 2001) structural steelwork practices recommend
bolting to have a pre-load only when the joint is slip-
critical (e.g., to design against fatigue failure). For
bearing type joints, no pre-load is required and this
is met by the bolting tightened to the snug-tight con-
dition (Kulak et al. 2001). This condition is defined
as the tightness that exists when all parts in a joint
are in firm, but not necessarily continuous contact. It
can be considered to be equivalent to the finger-tight
condition recommended for PFRP joints (Mottram &
Turvey 2003).There are also high-strength friction grip
bolts (Anon 1985, Kulak et al. 2001), where slip in
the steel connection is not permitted at the SLS or
ULS and for these joints the load is carried entirely by
static frictional (shearing) force. Given our reliance on
transferring steelwork practice into PFRP practice, it
is therefore not too surprising to hear that PFRP fab-
ricators apply a high bolt torque, with the expectation

Figure 1. Test specimen for determination of static
coefficient of friction of PFRP on PFRP.

that the friction between the contacting faces will aid
in carrying the joint forces.

To determine the static coefficient of friction of
bolted connections Mottram et al. (2004) adapted a
testing methodology from structural steelwork (Anon
1985). Figure 1 shows the PFRP plate-to-plate test
specimen with two 1 × 2 bolted joints. The outer
plates are of PFRP EXTREN® Series 525 flat sheet
of 6.35 mm nominal thickness, while the two inner
plates of nominal thickness 9.53 mm are taken from
the web of a standard Pultex series 1525 wide flange
profile (Anon 2001). Both PFRP materials have a
polyester based matrix. The geometry of the speci-
men has end distance = 40 mm, bolt pitch = 80 mm,
and width = 116 mm. The separation between the ends
of the two inner plates is 40 mm.

The UD rovings are aligned to the concentric ten-
sion load. In the steel test procedure both inner plates
are allowed to slip. As Figure 1 shows only the right-
sided inner plates had clearance holes, which allows
for the relative slip.At the ‘fixed’side the clearance for
the two bolt-holes in the three plates is about 0.2 mm,
while at the ‘slip’ side it also 0.2 mm in the two outer
6.35 mm plates and 2 to 4 mm for the inner 9.35 mm
plate. In the tests by Mottram et al. (2004) two bolt
sizes of M12 and M16 were used. Non-lubricated
(as-received) grade 8.8 bolts were used with standard
steel washers against the nut and bolt head. For M12
bolting the washers had thickness of 1.45 mm and
outer and inner diameters of 24 and 13 mm, respec-
tively. Washers for the M16 bolting had thickness of
1.85 mm and outer and inner diameters of 29 and
17 mm, respectively.

Figure 2(a) shows a test specimen in the Dartec 9500
testing machine. To set-up the specimen the fixed side
had the two bolts torque to >70 kNmm (Nm), after
ensuring that the two bolts were bearing against the
inner and outer plates (no slippage could occur). For
the slip side the inner plate was pushed against the two
bolts in the opposite sense to the tensile loading. This
ensured that the slip distance could be 2 mm or higher.
Testing was carried out with the bolt torque on the slip
side increased in 10 or 20 kNmm increments.To set the
torque a hand-held torque meter (wrench) was used,
giving a maximum torque range of 0–150 kNmm.
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Figure 2. (a) Test specimen in Dartec grips (b) and with bolt
load cells.

Figure 3. (a) Bolt tension load cell. (b) Set-up for
calibration.

Tensile load was applied by way of a constant stroke
rate of 0.01 mm/s.Testing continued until slip occurred
(and static friction was overcome) and, later, there was
additional load carried by bolt bearing on the slip side.
During the slip stage of the test the frictional load
remained constant, and the value of this dynamic load
was the same as the load when static friction was over-
come (Mottram et al. 2004). The test procedure was
repeated three times at each torque increment.

It is well known that high strength bolts from
the same lot yielded extreme values of bolt tension
(±30%) from the mean tension desired by the pre-load
applied (Kulak et al. 2001). The average variation is
in general ±10%. This variance is caused mainly by
the variability of the thread conditions, surface condi-
tions under the nuts, lubrication, and other factors that
cause energy dissipation without inducing tension in
the steel bolt. Experience in field use of high strength
bolts has confirmed the erratic nature of the torque
versus tension relationship.

To establish what the bolt tension (and the clamp-
ing force) is, a simple bolt load cell was used. As
Figure 3(a) shows it comprises a steel tube of length
25 mm and outer and inner diameters of 22 and 17 mm.
The ends of the tube were machined smooth and
parallel. Four 6 mm TML strain gauges (type FLA-6-
120-11) were placed at 90◦ intervals around the tube
to measure the axial strain. A load cell was calibrated,
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Figure 4. Previous load-slip test results (taken from
Mottram et al. 2004), � for M12 and � for M16 bolting.

as shown in Figure 3(b), by using the same bolts and
torque method used in the coefficient of friction joint
tests. Figure 2(b) shows a specimen with two load cells
mounted and operational.

The results are preliminary as they are influenced by
a number of error sources. Figure 4 shows the previous
results from Mottram et al. 2004. The trendlines, with
their intercept forced to go through 0,0, are the least
square fits to the mean load slip values. The scatter
bars give the ranges of the three measurements per
torque value.

An approximate value to the static coefficient of
friction can be determined from the test results. Mot-
tram et al. (2004) established, using a calibrated bolt
load cell, that the bolt tension (in kN) per bolt torque
(in kNmm) is 0.44 and 0.40 kN per kNmm for M12
and M16 bolting, respectively. From the trendlines in
Figure 4 the frictional force (per unit torque) when
slipping commenced can be determined. Using the
conventional relationship for the coefficient of fric-
tion these forces gave static values of 0.22 and 0.14
for the situation when the bolts were not lubricated.

The latter coefficient using the M16 bolting is con-
sidered unreliable. It can be seen from Figure 4 that
these results give higher variation, and for a torque
of 40 kNmm appear to be wrong. Because of a com-
bination of the bolt length and the torque meter’s
dimensions the torque meter was attached to the bolt
head to enable a bolt to be tightened. This is one reason
why the M16 results in Figure 4 are unreliable.

In practice, bolting is always tightened by a torque
wrench attached to the nut end (Kulak et al. 2004).This
was the case for the M12 bolting test results in Figure 4.
Figure 5 presents new results for the M16 bolting to the
higher bolt torque of 110 kNmm. The torque was now
correctly applied via the nut. Two new series are given,
which are for the bolts without lubrication � (as are the
previous results in Figure 4) and fully lubricated with
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Figure 5. New load-slip test results for M16 bolting. �
is without lubrication and � is with lubrication. � see
Figure 4.

oil �. The trendlines are also given in the figure. It can
be seen that the second series of tests without lubrica-
tion gives a trendline with a higher gradient to the pre-
vious data (in both Figures 4 and 5). As was expected
this change in procedure demonstrates that by applying
the torque to the nut a higher bolt tension is induced. It
was observed that the load variation between the three
repeated tests was similar to that found by Mottram
et al. (2004). The coefficient increased from 0.14 to
0.21 on applying the torque to the nut.

The new results (�) are those when the bolts were
lubricated. This had the effect of reducing the load
variation and increasing further the bolt load per unit
torque. This finding can be directly associated to the
variation of ±30% in bolt tension, which is known to
exist when a constant bolt torque is used in steelwork
erection (Kulak et al. 2001). Assuming the bolt ten-
sion per unit torque is the same as that when the bolt
load cell (see Figures 2(a) and 3(a)) is used, the gra-
dient of the short-dashed trendline in Figure 5 gives a
coefficient of friction of 0.25. This M16 result is 14%
higher than the coefficient determined when the M12
bolts were used without lubrication (see Figure 4 for
the relationship between slip load and bolt torque).

A coefficient of 0.2 is typical of advanced polymeric
composites on steel (Hyer, Hung & Cooper 1987) and
between 0.2 to 0.3 for dry (non-lubricated) steel (Kulak
et al. 2001). From the dry joint tests for PFRP on PFRP
the static coefficient of friction is found to be similar
that for dry steel on steel.

It is recommended, on page 717 of the EUROCOMP
Design Code and Handbook (Clarke 1996), that the
clamping force in Glass FRP bolted joints should not
generate a bearing stress in excess of 68 N/mm2. This
limit on the average through-thickness compressive
stress is to prevent the likelihood of material dam-
age due to ‘crushing’. A limit on the bolt tension is
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Figure 6. Mean axial strain with time.

therefore governed by the size of the bolt washer. For
the standard sized washer used in the M16 tests the
maximum bolt torque of 110 kNmm is estimated to
subject the PFRP material to a compressive stress of
100 N/mm2. After the test series had finished the bear-
ing surfaces were visually inspected. The author did
not observe crushing of the material, but did identify
that there was a slight impression of the steel washer
into the PFRP surfaces.

3 BOLT TENSION RELAXATION TEST

As PFRP material creeps (Scott & Zureick 1998) it can
be reasoned that once a bolt has been torqued there
will be relaxation of its tension force (and the clamp-
ing force) with time. A simple test procedure was used
to determine the rate at which the compressive strain
might be lost. A M16 bolt tightened to 70 kNmm was
used to compress two 9.53 mm plates of PFRP mate-
rial (the same material (Anon 2001) used in the friction
load tests, discussed in Section 2). Between steel wash-
ers and between the bolt head and the PFRP a bolt load
cell (see Figure 2(a)) was centrally placed to monitor
the four axial strains at 90◦ spacings around the tube.
An electronic datalogger was used to take compressive
strain readings at increasing time increments over the
test duration of 436 hrs (18 days).

Figure 6 shows the mean axial compressive strain
with time from a single bolt relaxation test. The rate
of decrease is very rapid in the first minutes and so
the initial mean strain of −620 µε is well below the
maximum (estimated to be −850 µε) that will exist
immediately the bolt was tightened to 70 kNmm.

It can be seen that the strain–time curve in Figure 6
has the expected exponential shape (Scott & Zureick
1998) and that, by smoothing out the ripples, the curve
is smooth and continuous. Figure 7 shows how the lab-
oratory room temperature varied during the same test
duration. The ripples in the strain-time curve can be
seen to correspond with the rapid changes in tempera-
ture. By plotting the mean strain and time on a log-log
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Figure 7. Laboratory temperature with time.

scale the curve is virtually a straight line. The equation
for this relationship is

mean compressive strain = −17.6 ln(hrs) + 558 (1)

with R2 = 0.964.
Using Equ. (1) the loss of bolt tension is estimated

to be 19% in 24 hrs, 25% in one week, 36%, 42%,
and 44% in one, 10 and 20 years, respectively. Given
that the loss in frictional force can be assumed to be
directly proportional to the loss in bolt tension the
effect of relaxation cannot be neglected when we are
considering what is the maximum joint force that can
be transferred by friction.

The single bolt relaxation test in Figure 6 was con-
ducted with the compressed PFRP plates unstressed.
The additional affect of long-term stressing and Pois-
son’s ratio deformations might well increase the mate-
rial creep and, therefore, the rate of compressive strain
loss.

In Figure 6 there is a single data point (given by sym-
bol �), which was the new ‘maximum’ mean strain
on re-tightening the M16 bolt to 70 kNmm, follow-
ing the 436 hr bolt relaxation test. Axial compressive
strain is only 30 µε above the last mean strain read-
ing. This finding suggests that the strain loss cannot be
recovered by maintaining the bolt torque at a specified
level.

4 JOINT DESIGN RELYING ON FRICTION
FOR LOAD TRANSFER

With high-strength friction grip bolts (Anon 1985,
Kulak et al. 2001) slip in the connection is not per-
mitted at the SLS or ULS, and for these joints the load
is carried entirely by static frictional force (there is
no bolt bearing). With the bolt not resisting any load
in bearing, the maximum bolt tension is based on not
exceeding 75% of the steel’s proof stress. Grade 8.8
bolts have a proof stress of >600 N/mm2. Therefore,
the maximum bolt tension is 71 kN for the M16 bolts
(the tensile stress area is 157 mm2).

Figure 8. Slip wear marks on the inner 9.53 mm thick PFRP
plate.

To estimate the maximum tensile load, at which slip
might be expected to occur, lets reduce by 30% the
maximum bolt tension (to allow for the worse tighten-
ing condition due to the erratic nature of torque versus
tension relationship), and assume the coefficient of
friction is 0.25 (lubricated bolts). These conditions
give for dry PFRP on PFRP a slip load per M16
bolt of about 12.5 kN; neglecting the effect of mate-
rial creep. However, to achieve this static frictional
load the average through-thickness compressive stress
over the washer would need to be about 1.7 times
higher than the recommended maximum of 68 N/mm2

(Clarke 1996). Using 68 N/mm2 as a limit on the bear-
ing stress and 430 mm2 as a the area for the standard
washer, the maximum bolt tension is 28 kN (i.e. only
40% of the maximum 71 kN). The bolt slip load is now
about 7 kN.

Using the limited physical test results in the lit-
erature it can be estimated that for M16 bolting, the
ultimate load for a single bolted joint with concentric
loading is above 40 kN. For this estimated bolt bear-
ing failure load the PFRP thickness is 9.35 mm and
the bolt torque is the finger-tight condition. If the safe
working load is taken to be 30% of the ultimate load,
it will be >12 kN. This is seen to be more than dou-
bled the 5 kN load for slippage to occur when the M16
bolt has its recommended bolt torque and allowance
is made for a 40% reduction in the bolt tension from
creep relaxation.

After the testing was completed the specimen in
Figure 2 was disassembled. Figure 8 shows the inner
9.53 mm plate from the slip. The lighter regions,
appearing as longitudinal bands, show wear where the
two mating surfaces made contact during the load-slip
test. Such wear will only be realised after relative slip,
under a higher enough clamping force, has occurred.

In practice such wear does not exist when a PFRP
bolted frame structure is constructed of new beam
and column PFRP sections, etc. The absence of a
rough surface between the mating surfaces might mean
the actual static coefficient of friction is <0.25. The
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coefficient could also be reduced because of greasy
surfaces or poor construction practice. To counter-
act such factors that might lower the coefficient of
friction, it is practical to increase the bolt tension by
increasing the size of the washer. Doubling its outer
diameter, from 29 to 58 mm for M16 bolts, will ensure
the bolt tension can be its maximum allowable while
the clamping force will not create a mean bearing stress
in excess of the limit of 68 N/mm2 (Clarke 1996). Even
with the best situation the maximum bolt load at slip,
allowing for >10 years creep, will be 7.5 kN. This fric-
tion load is still below the working load of 12 kN for a
single M16 bolted joint and 9.53 mm PFRP thickness
when load transfer is by only bolt bearing.

Based on a preliminary evaluation it is clear that
a joint design procedure cannot be developed which
relies on a pre-defined bolt torque to ensure that the
joint loading is transferred by friction without bolt
bearing. It is therefore recommended that designers
and fabricators continue to comply with current rec-
ommended design practice (Clarke 1996), in which
bolt bearing is assumed to be the only mechanism for
the load transfer in bolted plate-to-plate joints.

5 CONCLUSIONS

Using an experimental method devised for steel con-
nections, and lubricating the M16 bolts, it is found that
static coefficient of friction between PFRP flat sheets
can be 0.25. By measuring the axial compressive strain
over a period of 436 hrs (18 days) the bolt clamping
force is shown to reduce as the PFRP material creeps.
Re-tightening the bolt after the relaxation period does
not recover the bolt strain to its initial value. The loss
in pre-tension is estimated to be >40% in 10 years. It
is shown, via a simple worked example, that it will
be impractical to prepare a joint design procedure
that relies on the entire joint force being transferred
by friction. More research on PFRP bolt joints is
required to confirm this finding and to refine exist-
ing design guidance, which assumes that pin-bearing
is only mechanism for the load transfer.
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ABSTRACT: The activity of ApATeCh Co. in introducing pultrusion technology to manufacture GFR profiles
and apply them while constructing various infrastructure objects. Description of existing, designed and advanced
bridge composite structures in Russia.

1 INTRODUCTION

Scientific & production enterprise “AppliedAdvanced
Technology Company, ltd.” (ApATeCh) was founded
in 1991. Today it combines the functions of scientific
center and mass production occupied with develop-
ing and manufacturing heavy-duty high-performance
products for general and transport engineering
using composite materials. Since the very beginning
ApATeCh Co. implements the basic concept in its
activity – it combines fundamental science with
applied research and actual mass production.

The basic direction in ApATeCh Co. activity is
transport engineering: railway, aircraft, automobile
and urban transport as well as construction and city
infrastructure. ApATeCh Co. presents in Russia one
of very few examples of introducing technology
and materials being developed and applied for high-
performance aircraft structures into the railway and
urban transport and construction.

For instance, in 1993–95 the enterprise in collabora-
tion with Russian Railway Department has developed
various options of composite fish-plates for insulating
railway joints. Since that time ApATeCh Co. fulfils the
orders of Russian Railway Department at the federal
level that ensures the implementation of new insulat-
ing joint structures to enhance the reliability of railway
tracks and safety of railway transportation. By the
end of 2003 more than 400,000 insulating joints with
ApATeCh fish-plates are operated throughout all the
railways of Russian, Baltic countries and Kazakhstan.

These fish-plates are mounted in the subways
of Moscow, Saint-Petersburg, Novosibirsk, Nizhny
Novgorod, Samara cities. Composite and metal-
composite joints are operated in the railways of Bel-
gium, France, Italy, China as well as in Paris metro.
It should be stated that the introduction of such highly
loaded fiberglass products like ApATeCh fish-plates
is the meaningful event and it has no analogies in
the world practice of applying composite materials for
heavy- duty items.

2002 has resulted in the total of heavy-duty items
delivered to different institutions of Russia and Baltic
countries of over than 1500 tons in weight recalcu-
lation, that made ApATeCh Co. one of the largest
Russian and world structural composite fabricators.

Thanks to activities in various productions fields
ApATeCh Co. has accumulated significant experience
in fabricating the products starting from single items
up to mass production meeting the requirements of
the customers. Much attention is paid to continuous
in-service monitoring the fabricated products and to
fulfilling the guarantees. ApATeCh Co. is the leader
of home industry in developing and fabricating heavy-
duty products using composite materials.

The achievements of ApATeCh Co. in the fields of
science, production and service of heavy-duty prod-
ucts has got worldwide acknowledgement. Being the
participant of many international conferences and
shows ApATeCh Co. was awarded among more than
850 applicants at the JEC Composites Show 2002
in Paris, France, in the Transport nomination for the
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introduction of composite fish-plates among the rail-
ways of Russian and Baltic countries.

ApATeCh Co. is recently occupied with new activity
in Russia, i.e. the application of composite materials
in the bridge structures.

Thus ApATeCh Co. is the enterprise being able to
solve the problems in fabricating and production orga-
nization for heavy-duty and high-performance prod-
ucts that have the service parameters at the level of the
best worldwide samples and event overpassing them.

2 PULTRUSION

Pultrusion today does not need any additional PR.
Having been developed more than 40 years ago it is
replacing other technological processes in the poly-
meric composites during the last two decades when the
fabrication of long highly loaded profiles having con-
stant geometric section is concerned. The success of
this method results from the achievements in the field
of processing structural fiber reinforcement: glass,
carbon and basaltic fibers into various woven and
non-woven structures having strict direction of rein-
forcement orientation in accordance with hypothetical
field of applied stresses.

The continuous technology raises specific require-
ments to polymeric matrices. In this case it is the
polymeric resin that affects the process productivity,
the product integrity due to interaction with the fiber
starting from the wetting stage till the final cure pro-
cess. Finally, the cured resin and the resultant interface
between the fiber and matrix define the following
in-service reliability of pultruded item including the
long-acting loads, climate, and chemical resistance in
aggressive environments.

As far as applicability and efficiency of pultruded
profiles are concerned as compared to metallic analo-
gies, the bridge building and structural engineering
are of most importance as they are recently developed
fast in advance of the traditional applications of poly-
meric composites as well as electrical engineering and
aerospace.

Though it is difficult to be uncommon both in gen-
erating new geometries, specific reinforcement struc-
tures and in developing new polymeric systems, there
are some definite advantages of our own. The avail-
able pultrusion facility from Pultrex having 24 tons of
loading enables to fabricate large-scale profiles being
up to 0.35 m high and wall panels up to 1.4 m wide.

Figure 1 presents the profile configuration of the
bridge deck from ApATeCh Co. A large number of
FEM calculations in the 3-dimensional statement has
been done to select the optimal cross section shape.
The strength has been evaluated using Tsai-Wu cri-
terion with regard for local stability effects. Table 1
compares principal parameters of the bridge deck

Figure 1. Composites bridge deck.

Table 1. Comparison of ApATeCh deck with similar decks.

Parameters ApATeCh Similar

Materials glass fiber + glass fiber +
vinylester vinylester or

polyester
Dead load, kN/m2 1.1 0.9 ÷ 1.2
Deck thickness, mm 215 120 ÷ 225
Span in transversal 2 0.7 ÷ 2.7
direction, m
Deflection to span 1/1600 1/600 ÷ 1/2000
length
Surfacing Polymer Polymer

concrete concrete, asphalt

made of ApATeCh profiles with the similar decks
existing in the world.

The profiles consist of the well-known forms of
fiber reinforcement, i.e. biaxial, multiaxial threat-
piercing stripes and continuous mats, the layers of
combined 3D material. Each layer of this material con-
tains the crack stoppers whose space is calculated by
the maximum crack resistance. No structure may avoid
fasteners and the problem of enhancing the bearing
strength in the items with stress concentrators can be
solved by means of using combined material whose
structure is shown in Figure 2.

The advantages of this developed combined rein-
forcement can be demonstrated by GFRP fish-plates
for insulating railway joints where the material with
the common reinforcement replaced by the combined
one maintains both static and fatigue strength, and the
rupture strength of the combined material containing
stress concentrators is 1.5 times higher.

Our innovative concept of the hybrid material is
implemented while using any continuous fibers: glass,
carbon, basaltic, synthetic or their combinations. The
crack stopper space is varied for each separate appli-
cation depending on the crack resistance required
parameters.

Alongside with epoxy systems introduced by us
some modified vinylester resin is utilized for mass
production monolithic bars 80 mm in diameter for
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Figure 2. Combined material.

Table 2. Properties for the 80 mm Bar.

Property E-glass Basaltic

Density, g/cm2 2,00–2,15
Tensile strength (axial), MPa 1 200 1 200
Tensile modulus (axial), GPa 50 60
Comp. strength (axial), MPa 600 550
Impact strength, kJ/m2 750 650
Water absorption, 24 h, 25◦C, % 0,02 0,015
Electric strength, kV/mm 5,0 3,7
Resistance, O 1013 1012

electrical engineering whose properties are presented
in Table 2 for heavy-duty products including bridge
structures.

The feature of polymeric pultrusion system is that
by means of modifying vinylester resin by bisphenolA
and selecting the appropriate curing agent and catalyst
some two-phase product has been generated. It means
that the simultaneous curing of the selected resins can
be considered as the binder synthesis being the sys-
tem of interpenetrating networks. The initial polymers
for this synthesis are selected so that the chemical
interaction of different chains is excluded. In this case
there is some topological isometry (only mechanical
interweaving of chains with different chemical nature),
and sequentially all the advantages of interpenetrating
networks are implemented.

The taken efforts enabled to organize mass pro-
duction of pultruded bridge profiles with the quality
meeting the requirements to this type of products. The
innovation originality is proved by the copyright. The
performances of the profiles are listed in Table 3.

The continuity of pultrusion process has some neg-
ative effect on the structure of the polymer composite;

Table 3. Properties for the pultruded bridge profiles.

ApATeCh Similar
Property (MPa) (MPa)

Tensile strength (axial) 450 200 ÷ 400
Tensile strength (transverse) 50 50 ÷ 60
Compression strength (axial) 400 200 ÷ 400
Compression strength (transverse) 144 70 ÷ 140
Shear 45 25 ÷ 30

Stiffness property (GPa)
Tensile modulus (axial) 26 20 ÷ 40
Tensile modulus (transverse) 13 5 ÷ 9
Shear modulus 3 3 ÷ 4
Density, g/cm3 1.9 1.8 ÷ 1.9

first, due to impact cooling of the detail at the out-
put of the hot die. Temperature gradient at the die
cut may result in substantial residual stresses depend-
ing on the item thickness and flow rate. To optimize
pultrusion modes a task was solved dealing with math-
ematical description of curing and temperature field
distribution responsible for the final pultrusion perfor-
mance. Some mathematical model has been developed
describing heat conductivity changes resultant from
phase transitions in the material while passing through
the die, as well as some software simulating tempera-
ture field distribution and cure process for the details
of different shapes.

3 SCIENTIFIC, METHODOLOGICAL AND
CERTIFICATION BASE

Active introduction of composites in Russian aircraft
industry has started since 1960ies. Theories and meth-
ods to predict composite properties are developed up
to now when applied to primary structures and assem-
blies under static and dynamic loads with regard for
the effects of both climatic factors (temperature differ-
ence, moisture, UV) and hostile environments (acids,
alkali, salt solutions), erosion and contact wear. A
comprehensive database has been accumulated in the
actual composite behavior during their operation in
different environments.

As most employees of the company are the experts
from the aircraft industry, they accumulated their
knowledge in the field and developed ApATeCh
Design Manual Analysis for 2003–04 containing the
methods to calculate static, fatigue and long-term
strength, as well as buckling and joint strength.

To have the initial data for the analysis a great num-
ber of tests has been performed including climatic and
long-term strength tests resulted in outlining the prop-
erties of pultruded profiles and their joints. The total
number of tested specimens of various types and size
was 1500.
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The experience in designing actual bridge struc-
tures and accumulated methodological and scienti-
fic base enabled to get in 2003 two certificates of
Russian State Building Department for applying
GFRP profiles in the structural engineering, as well as
for fabricating GFRP bridge structural profiles. These
documents provide the certification base for wide pul-
truded profile application in the Russian construction
engineering.

4 EXISTING OBJECTS

The first experience ofApATeCh Co. in the bridge con-
struction may be considered the portable electrically
insulating ladders made of GFRP pultruded profiles
that are under mass production today, Figure 3. The
ladders are fabricated 5 m and 7 m long, no corrosion
is observed, they obtain better static and fatigue prop-
erties than those made of metal or wood, and at the
same time they are easily portable for two workers.
A 5-m ladder weighs 21 kg, and the 7-m one weighs
25 kg. The profile lifetime is over 70 years; in-service
maintenance is affected by the life of the fasteners.

The full-scale fragment of the footway is manufac-
tured shown in Figure 4. It is made of three type sizes
of pultruded profiles with bolted joints. The steps are
covered by the special non-slip surface. The footway
has successfully passed the full cycle of static trials
and it is now under in-service testing (for more than
3 years). The recent inspection of the structure has
demonstrated no damages. The most important thing

Figure 3. Electrically insulating ladder.

is that no traces are found of cleaning the structure to
take away the ice and snow, though it was done using
the standard set of tools common for Russia (i.e. crow-
bar and steel spade). Earlier the possibility of impact
structural damage was one of the principal reasons
for skeptical view on GFRP application in the bridge
structures.

The developed compositions and technologies to lay
up the appropriate cover are now used for bridge decks
made of GFRP pultruded profiles to protect the pro-
file material against the environment effects, to give to
the deck non-slip and wear-resistant properties and to

Figure 4. Footway for the railway bridge.

Table 4. Wear-resistant, non-slip surface PB-M.

Property

Flexural strength, MPa >16
Wear resistance, g/cm2 1.6
Frost resistance, cycles 200
Compression strength (axial) 50
Adhesive strength, MPa >1

Figure 5. Electrically insulating profile.
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ensure the safety of transport and foot-passers. Table 4
presents the principal parameters of wear-resistant,
non-slip surface PB-M.

The technical decision is implemented in fabricat-
ing the elastic filling layer on non-ballast bridge deck
for its reconstruction consisting of primary pultruded
elements and elastic polyurethane layer. The latter
dominates the total layer stiffness. The similar projects
are under investigation to restore some other bridges
in Russia.

Being damage safe this electrically insulating
profile for railway platforms excludes the danger of
passengers falling between the platform and the train.
It is equipped by anti-sliding step, Figure 5.

For the needs of railway transport some trays
for draining ground and waste waters from the rail
ways and for electric cables have been developed and
now mass produced. Composite trays have significant
advantages as compared to common reinforced con-
crete ones as they are much lighter and may be hand
laid up without any special equipment that results in
large shortening of technological breaks in the traffic.

5 OBJECTS UNDER CONSTRUCTION
AND DESIGN

5.1 Bridge – barrage in Dubna

“ApATeCh – Dubna” has awarded the first contest of
innovative projects held to implement the development
program for Dubna town as Russian scientific city
assigned for 2002–06 within the theme: “Fabrication
of bridge composite structures based on large-scale
profiles made by pultrusion method”. Within this
project ApATeCh Co. has designed its own profile
for automotive bridge decks, Figure 1. The deck was
meant to restore the bridge – barrage across the Volga
river for automotive transport in Dubna town. The
task was to widen the carriage-way of the bridge, to
organize two-way traffic and to enhance maximum
tolerable load from 10 tons till 80 tons.The rest param-
eters of the old and new structures are given in Table 5.
The bridge is situated on the only water stream of the
region; hence the work should be conducted as fast as
possible without complete traffic cancellation.

5.2 Park bridge in Dubna

ApATeCh Co. is building in the park region of Dubna
town the pedestrian cable bridge of pultruded profiles,
Figure 6. The bridge is 16 m long. The basic primary
structural element of the bridge is a beam channel
400 × 120 × 18, its feature parameters are listed in
Table 3. As it is the first in Russia composite bridge it
is planned to trial all the advanced ideas and systems.
For instance, the bridge deck would include the heat-
ing system to eliminate the atmospheric precipitation

(ice and water), as well as the system for the structural
stress–strain state monitoring.

5.3 Pedestrian bridge in Chertanovo

The pedestrian bridge over the railway ditch ordered
by Moscow railways is fabricated in collaboration with
company Fiberline (Danish). The bridge rests on four
supports and it has two spans 13.2 m each and one
span 15 m long (Figure 7). The bridge is 3 m wide and
it weighs about 10 tons, it is made of pultruded pro-
files with stainless steel arms. The bridge is assembled
and ready to be mounted. The installation is planned
for April–May 2004. The construction cost is equal to
that of the bridge having steel primary structural ele-
ments. Six meters bridge fragment ready for full-scale
static tests to determine the loads affecting the princi-
pal structural elements and to find the total structural
deflection under the loads being 4 times as large as the

Table 5. Bridge properties before and after the
reconstruction.

At present Plan

Max span length, m 21 21
Span number 9 9
Width, m 8,62 12
Load, ton 10 80
Material Reinforced GFRP deck

concrete CFRP strengthening
Guide rail Cast iron GFRP pultruded

profiles

Figure 6. Park bridge in Dubna.

Figure 7. Pedestrian bridge in Chertanovo.
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Figure 8. The drawing of railway bridge over the ditch.

design ones. The fatigue tests of main bridge units and
assemblies have also been conducted.

5.4 Railway bridge in Sakhalin island

The potential of applying GFRP pultruded profiles
for primary structural elements of the railway bridges
has been evaluated. The study object was the bridge
over the ditch 23.5 m deep and 84 m long. The analy-
sis used finite element method for the bar 3D layout
presented in Figure 8. The pin joint of elements has
been considered, i.e. the bars act only in compression –
tension. The bars had cross sections of 30 cm2 to
150 cm2. The bar modulus of elasticity in tension is
30 GPa, in shear 3 GPa.

Table 6 present the analytical results of finite ele-
ment method application for the following options of
the bridge girder:

• All the bars are A = 60 cm2 in section. The areas of
the lower half of V-shaped footings are 150 cm2.

• Cross sections of the bars are selected based on
stress distribution uniformity and deflection min-
imization. The bars having the area of 60 cm2,
120 cm2 and 150 cm2 were used.

• Cross sections of the bars are selected based on
stress distribution uniformity and weight minimiza-
tion. The bars having the area of 30 cm2, 60 cm2,
70 cm2, 100 cm2 and 120 cm2 were used.

In Table 6: σ max, σ min and δmax – maximum and
minimum values of stresses in the bars and maxi-
mum deflection of the upper bridge surface under
the maximum static load, δ/L and (δ/L)c – rela-
tive deflection of the whole bridge and the central
span. Thus for all analyzed types the bar stresses
and total structure deflections do not exceed tolera-
ble values (tolerable stresses in tension 85 MPa and in
compression −70 MPa, deflection limitation is 1/800
of the span length). Table 7 presents safety factors for
the bars under different types of loading the girder
having optimized weight (type 3 in Table 6).

Table 8 lists the bars utilized for most optimum third
bridge type. It is clear in it that 91% of bars weigh less
than 60 kg and maximum weight of one element is

Table 6. Analytical results for three bridges types.

σmax, σmin, δmax, Weight,
# MPa MPa mm δ/L (δ/L)c tons

1 58,2 −63,2 55,5 1/3370 1/1445 90
2 29,2 −36,7 38,5 1/4870 1/2375 110
3 60,4 −60,5 59,5 1/3140 1/1564 68

Table 7. Safety factors.

Safety factors for bars

Loading type Tensile Compressive

Static strength 3.31 2.64
Fatigue strength 1.81 1.44
Creep 2.32 1.85
Buckling 1.54
Deflection 2

Table 8. List of bar principal parameters.

Cross Weight, (kg)
section, Length,

No (cm2) (m) Number of one of all

1 30 2 212 11.4 2 420
2 60 2 56 22.8 1 300
3 60 4.86 352 55.4 19 500
4 70 4.43 595 58.9 36 100
5 100 4.43 116 84.2 9 780
6 120 4.43 4 101 404

101 kg that is the structure may be assembled using
minimum additional equipment.

Table 9 compares the price indexes for the following
types of the bridge span:

• Typical through bridge. Material: painted steel.
• Girder of deck bridge (Figure 8). Material: galva-

nized steel.
• Girder of deck bridge (Figure 8). Material: primary

structural elements – GFRP pultruded profiles;
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Table 9. Cost comparison of different railway bridge types.

Price, Total cost
Weight, (thousand (million

# Material tons ruble/ton) rubles)

1 Steel + paint 660 42 27.7
2 Galvanized steel 220 60 13.2
3 Composite 70 170 13.2

profiles
Galvanized steel 22 60

profile fasteners (brackets, fittings) – galvanized
steel. All the fasteners of the load-bearing compos-
ite profile element are done using standard details
(brackets, fittings) and galvanized steel bolts. It
would allow decreasing the quantity of analytical,
design and experimental activity required to provide
and prove their strength and reliability.

The estimates are done only for structure fabrica-
tion.At the other stages of the structure life the costs for
the railway composite bridge would be significantly
lower than for the structure made of the traditional
materials.

6 DESTINATION OF EXPERIMENTAL
OBJECTS

There are strict standards in Russia like in most coun-
tries dealing with designing, calculating, fabricating
and erecting heavy-duty constructions including the
bridges and other structures. It is difficult and time-
consuming to change these standards in order to add
quite new material. The new standards should be
based on the structures and materials manufacturing
inside the country, i.e. the existing world experience in
composite application for bridge structures cannot be
directly used. Hence the important field of ApATeCh
Co. activity at the contemporary stage is the partic-
ipation in various bridge projects at different stages.
Some examples follow:

• Railway bridge (Sakhalin Island) – analysis at the
very early stage of the project selection.

• Modifying highway bridge (Dubna) – preparation
of technical and economic assessment.

• Pedestrian bridge (Dubna) – experimental structure
in the recreation area under low loading. It is
designed to develop design & test methods,

technology of fabricating the profiles and the com-
plete structure, heating & monitoring systems etc.

• Pedestrian bridge (Chertanovo) – replacement of the
actual bridge.

The participation in these projects often has no
direct profits for the enterprise but it is useful in
terms of:

• accumulating the experience of designing, fabricat-
ing and constructing being the basis for develop-
ment of the enterprise certification base to fabricate
and operate pultruded structures including: perfor-
mance specifications for profiles, user’s manual for
designers, analysts, erectors and operators;

• certification base of the enterprise is used to form
all-Russian certification base dealing with compos-
ite applications in structural engineering;

• it gives way for pictorial demonstration the fea-
sibility of fabricating composite objects and their
advantages, as even one actual object arises more
confidence to the material than numerous reports
with pictures and charts;

• direct contacts with design bureaus and construc-
tion plants while launching definite projects result
in expand and share of knowledge among all the
process participants. The construction engineers
in this case start to realize the performance and
advantage of new materials more thoroughly. Hence
even the project resulting in no actual object gives
rise to several new projects initiated by the former
skeptics of composite applications in the structural
engineering.

7 CONCLUSIONS

1. Modern composite structural material due to its
unique property is highly competitive as compared
to traditional construction materials like steel, alu-
minum, concrete, wood. Construction composites
in some indexes exceed traditional materials in 2 to
10 times.

2. Cost of composite bridge structures does not often
exceed the cost of similar objects made of tradi-
tional materials.

3. Russia has all necessary conditions for mass pro-
duction of construction composites by pultrusion
method both scientific, methodological and man-
ufacturing bases to fabricate composite bridge
structures have been created.
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Web-flange junctions of pultruded GRP WF profiles: notched flange
shear strengths

G.J. Turvey & Y. Zhang
Lancaster University, Lancaster, Lancashire, UK

ABSTRACT: A pultruded Glass Reinforced Plastic (GRP) Wide Flange (WF) profile was cut transversely into
short lengths to provide test specimens to determine the longitudinal shear strengths of the web-flange junctions
of the profile. In order to promote the formation of well defined shear failure planes within the junctions, pairs of
part through-thickness notches were introduced into the flanges of the test specimens. The underlying principles
and details are presented of a novel rig, which was used to carry out shear failure tests on the web-flange junction
specimens. Examples of the load versus displacement response and the failure modes of a web-flange junction
are also presented. It is shown that the shear strengths of the notched web-flange junction specimens are about
50% of those determined from previous tests on unnotched specimens and only about one-seventh of the shear
strength of specimens cut out of the web and flanges of the profile.

1 INTRODUCTION

Structural grade pultruded GRP profiles, eg. I, H,
channel, angle sections and flat plate, have been used in
secondary structures for at least two decades. In more
recent times, as the size of off-the-shelf profiles has
increased, they have begun to be used in primary load-
bearing structures such as building frames and bridge
decks. The pressure to use pultruded profiles stems
from their high specific strength, high specific stiff-
ness, low self-weight, high corrosion resistance, low
thermal conductivity, transparency to electromagnetic
waves etc. Despite their many advantages, they do suf-
fer from one significant disadvantage, viz. that the
major elastic modulus of the material is relatively low,
being almost an order of magnitude lower than that of
steel. For this reason, limiting deflections and instabil-
ity modes of failure are relatively more important than
strength dominated failure modes. Consequently, there
has been much interest amongst the research com-
munity in developing knowledge and understanding
of the deflection and instability response of structural
grade pultruded GRP beams and columns. Most of this
research has been directed towards the development of
formulae for predicting the onset of local and global
buckling of columns, as, for example, in (Zureick &
Shih 1998, Barbero & DeVivo 1999, Brown et al.
1998, Hashem & Yuan 2000) and lateral buckling of
beams, as, for example, in (Mottram 1992, Turvey
1996). Little effort has been directed towards con-
ducting research to establish the collapse behaviour
of pultruded GRP beams and columns, most probably
because it is regarded as being of lesser importance

than the prediction of the buckling load itself. Whilst
this may be true, it is, nevertheless, important to know
how much the load may be increased beyond the buck-
ling load to produce collapse and to understand the
mode of collapse.

Recently, Bank & Yin (1999) took the first steps
towards modelling the collapse behaviour of a pul-
truded GRP WF (Wide Flange) beam, which had
been tested to failure in four-point bending. The test
revealed that failure was triggered by local buckling
of the beam’s compression flange, which led to tearing
of the flange from the web and collapse of the beam.
Other evidence of this type of buckling-triggered fail-
ure mode has been observed in failure tests on axially
loaded short pultruded GRP columns (Stubbs 1998,
Yates 1999).

In their finite element (FE) analysis model, which
was used to simulate the beam’s collapse behaviour,
Bank & Yin (1999) used strengths obtained from
coupon tests in their failure criteria. The weakness of
this approach is that coupon strengths over-estimate
the strengths of the web-flange junction, where tearing
separation occurs. This is because web-flange junc-
tions have roving-rich cores and, moreover, the roving
and Continuous Filament Mat (CFM) layers in the
junction region are curved and sometimes wrinkled.
Thus, it is vitally important to obtain true web-flange
junction strengths if FE analyses are to yield more
accurate predictions of the collapse loads and failure
modes of pultruded GRP beams and columns.

In 2001 the authors began to address the issue
of how to determine realistic web-flange junction
strengths of pultruded GRP profiles. They concluded
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that the simplest approach was to carry out failure
tests on the web-flange junctions under a variety of
simple load configurations. In the first instance, they
focused their attention on the tensile or tearing strength
of the web-flange junction. Recently, they reported the
results of 43 tensile strength tests carried out on two
sizes of pultruded GRP WF-section (Turvey & Zhang
2004a) and demonstrated that the values obtained were
much lower than the tensile strengths of coupons cut
transversely from either the web or flanges of the
profiles.

Prior to separation of the flange from the web at
the instant of collapse, the web-flange junction is
subjected to a complex stress state. Therefore, it is
not sufficient just to determine the tensile strength
of the junction. Junction strengths subject to shear
and bending stresses are also required. Recently, the
authors built a new type of test rig for conducting
shear strength tests on web-flange junctions (Turvey &
Zhang 2004b). The rig was used to carry out 38 shear
failure tests on the web-flange junctions of two sizes
of WF section. Again, the test results showed that the
shear strength of the junction is less than that obtained
from asymmetric four-point bending tests on Iosipescu
coupons cut from the web and flanges of the profiles.
However, it was concluded that the test results were
not entirely satisfactory, because visual examination of
the failed specimens revealed that, in many instances,
there was not a clearly defined shear failure plane.
Therefore, it was decided to modify the specimens in
order to try to promote a distinct plane of shear failure
along the web-flange junction.

In this paper details are presented of the preparation
of modified web-flange junction specimens, which
were cut out of 203 × 203 × 9.5 mm (nominal dimen-
sions) EXTREN® 500 Series pultruded GRP WF
profile. The new test rig is also described together with
its underlying theoretical background. The main fea-
tures of the shear load versus shear deflection response
of a typical test on a web-flange junction specimen
are also explained. The shear strengths obtained from
seventeen notched test specimens are compared with
those of the unnotched strengths and with the shear
strengths obtained from asymmetric bending tests on
Iosipescu specimens. It is concluded that the notched
specimens not only have lower shear strengths, but
they also fail along more distinct and repeatable shear
planes and, therefore, provide more realistic, i.e. lower
bound, values of the shear strengths of the web-flange
junctions of WF profiles.

2 MODIFIED TEST SPECIMENS

A band saw was used to cut transversely a single length
of 203 × 203 × 9.5 mm WF profile into short lengths
to provide a series of shear test specimens. Three
specimen lengths, 25, 40 and 60 mm, were chosen.

d=5.5

21

0.8

Dimensions: mm 

    Positions to measure widths

L(=20)

Figure 1. Sketch of notched web-flange junction test
specimen.

A total of eleven specimens were cut out of the profile
in the following order 25, 40, 60, 25, 40, . . . mm. A
fine to medium feed rate was used in order to minimise
damage to the cut edges of the specimens. After all of
the specimens has been cut from the WF profile, two
notches, 0.8 mm wide, 5.5 mm deep and 20 mm apart
were cut longitudinally and normal to the inside faces
of the two flanges, as shown in Figure 1. The function
of the notches was to promote a more clearly defined
shear failure plane than was achieved in the tests on
the unmodified shear specimens reported in (Turvey &
Zhang 2004b).

Two of the eleven specimens were used to carry out
preliminary tests. The purpose of these tests was to
check that the notches did indeed promote more clearly
defined shear failure planes and to check that the travel
and sensitivity of the displacement transducer were
appropriate. The remaining nine specimens were used
to provide test data.

The nine WF profile specimens were sub-divided
into three groups according to their lengths. Each
group provided three top (T) and three bottom (B) web-
flange junction test specimens.The following labelling
scheme was used to identify each test specimen. The
specimen label had the general form, I8-SJN1.m-Tn,
where I8 denotes the profile size (8′′ WF profile), SJN1
denotes notched junction shear test series 1, m denotes
the specimen group number, T or B denotes the top or
bottom junction and n denotes the specimen number.

3 THEORETICAL BACKGROUND TO SHEAR
TESTS ON WEB-FLANGE JUNCTIONS

The method of testing the web-flange junction of a
pultruded GRP WF profile is akin to loading a can-
tilever beam with a pair of opposing point loads applied
close to the support. Figure 2(a) shows a beam loaded
by opposing forces, F1 and F2, applied at A and
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Applied load F (F=F1-F2)

F2

F1
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F2

F=F1-F2
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wB2
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2(L+2a)

2(L+2a)

3a2

F
a(2L+a)

Figure 2. Propped cantilever model for determining the
applied shear force in the web-flange junction test rig.

B, which are at distances a and L respectively from
the rigid support. Also shown in Figure 2(a) are the
deflections produced by each of the forces applied
separately to the beam. The shear force and bending
moment distributions are shown in Figures 2(b) and
2(c) respectively.

It is assumed that the rigidity of the test rig is much
larger than that of the test specimen. Moreover, it is
also assumed that during testing the deflections of the
specimen at A and B are equal. Using classical beam
theory it is a relatively simple matter to show that the
shear force F at the web-flange junction is given as,

where

and

By choosing the ratio of a to L carefully, the effect
of the parasitic bending moment at the rigid support
may be reduced. In (Turvey & Zhang 2004b), the effect
of this bending moment on the shear strengths of the
unnotched specimens was analysed and shown to be
quite small.

4 TEST RIG DETAILS AND TEST
PROCEDURE

A view of web-flange junction under test in shear is
shown in Figure 3(a). More detailed sketches of the

(a)

Support mounted on
base fixture 

Clamped to base
fixture

Loading fixture

Moving direction of 
loading fixture 

24

3

60

40 15

2948

Base fixture

Moving direction of
loading fixture 

(b)

Specimen

Figure 3. Web-flange junction test rig: (a) photograph of a
specimen under test and (b) two sketches showing the load
and support arrangements for a specimen and the principal
dimensions.

test arrangement, including the main dimensions are
shown in Figure 3(b).

The specimen set up procedure was as follows.
The flange of the web-flange junction specimen was
clamped by two steel bars to the vertical face of an
L-shaped steel base. The base was bolted to the lower
platen of the universal testing machine.Two small steel
blocks, also fixed to the vertical face of the L-shaped
plate, provided bearing support to the underside of
the flange of the specimen. A T-shaped steel loading
fixture was bolted to the upper platen of the testing
machine. The web of the specimen passed through the
loading fixture, as shown in Figure 3(a).A 40 mm long
steel loading shoe was placed between the side plates
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of the loading fixture and in contact with the upper
surface of the web. A semi-circular steel rod between
the loading shoe and the loading rod distributed the
load uniformly into the upper surface of the web of
the test specimen.Another steel block of length 48 mm
was placed between the loading fixture and the under-
side of the web. This block was adjustable vertically in
the loading fixture. Therefore when the upper platen
moved downwards and the loading head came into
contact with the semicircular bar and upper loading
shoe, the lower steel block was adjusted to bring it
into contact with the underside of the web of the test
specimen. By so doing, rotation of the web was pre-
vented. Loading of the specimen was then started until
the web-flange junction failed in shear.

The vertical displacement of the upper platen of the
test machine was monitored by means of an electronic
displacement transducer which was mounted on the
vertical face of the L-shaped base and had its tip in con-
tact with the upper platen of the testing machine. The
displacement transducer had a 10 mm travel. During
the testing of each specimen the load and displace-
ment data were recorded automatically at one-second
intervals using an electronic data acquisition system.

5 TEST RESULTS AND DISCUSSION

Each of the eighteen web-flange junction specimens
was set up in the test rig, as previously described,
and loaded in shear until it failed. The loading rate
used in the tests was approximately 0.87 kN/min,
which corresponded to a displacement rate of about
0.1 mm/min.

A typical shear force versus displacement curve
for specimen I8-SJN1.2-T2 is shown in Figure 4. The
force–displacement response exhibits three stages, as
was observed in the previous tests on unnotched web-
flange junction specimens, which were reported in
(Turvey & Zhang 2004b). In stage 1 the response was
reasonably linear up to the maximum load of about
9 kN, which corresponded to a displacement of 1 mm.
It was observed that as the load reached it peak value
failure initiated in the web-flange junction. There was
a small drop in load at the beginning of stage 2. This
was followed by a gradual decrease in load as the dis-
placement increased. During this stage, the crack in
the web-flange junction gradually extended. When the
displacement reached about 2.25 mm, there was a sud-
den loss of load, which signalled the start of stage 3
and the onset of total collapse as the web sheared off
the flange.

Generally, failure initiated in the form of a delam-
ination crack adjacent to the roving rich core at the
centre of the web-flange junction. As the loading
increased the crack extended around the core and along
each flange until it intersected the notch and the web
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Figure 4. Typical load versus displacement response of a
web-flange junction specimen tested in shear.

Figure 5. Shear failure modes of the top and bottom
web-flange junctions of 203 × 203 × 9.5 mm pultruded GRP
WF profiles.

sheared off. The failure modes of the top (T) and bot-
tom (B) web-flange junctions of two specimens are
shown in Figure 5.

The results of seventeen of the eighteen tests (one
was invalid) on the web-flange junction specimens are
given in Table 1.
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Table 1. Results of shear tests on web-flange junction
specimens cut from a 203 × 203 × 9.5 mm pultruded GRP
WF profile.

Dimensions
of junction Failure Failure

load stress
b L Fc τc

Specimen (mm) (mm) (kN) (MPa)

I8-SJN1.1-T2 28.15 20.67 4.98 8.56
I8-SJN1.1-T3 26.51 20.17 5.68 10.62
I8-SJN1.1-B1 26.47 20.45 5.01 9.26
I8-SJN1.1-B2 26.68 20.17 5.01 9.31
I8-SJN1.1-B3 26.66 20.32 5.32 9.82
I8-SJN1.2-T1 39.54 20.21 8.90 11.14
I8-SJN1.2-T2 41.00 20.65 9.03 10.67
I8-SJN1.2-T3 42.23 20.39 10.21 11.86
I8-SJN1.2-B1 39.64 20.54 11.33 13.92
I8-SJN1.2-B2 41.46 20.46 10.71 12.63
I8-SJN1.2-B3 42.15 20.33 11.85 13.83
I8-SJN1.3-T1 59.97 20.02 15.18 12.64
I8-SJN1.3-T2 60.43 20.34 13.15 10.70
I8-SJN1.3-T3 60.36 20.06 10.54 8.71
I8-SJN1.3-B1 59.73 20.28 12.44 10.27
I8-SJN1.3-B2 60.46 20.25 16.07 13.13
I8-SJN1.3-B3 60.16 20.29 10.26 8.41

Table 2. Comparison of shear failure loads etc for
unnotched and notched web-flange junction specimens and
Iosipescu specimens.

Specimens b L Fc Fc/b τc(=Fc/bL)
Series Nr (mm) (mm) (kN) (N/mm) (MPa)

I8-SJN1.1 5 26.89 20.36 5.20 193 9.51
I8-SJN1.2 6 41.00 20.43 10.34 252 12.34
I8-SJN1.3 6 60.18 20.21 12.94 215 10.64
I8-SJ1.1 6 24.83 9.62 387
I8-SJ1.2 6 39.75 17.49 440
I8-SJ1.3 6 59.89 26.05 435
I8-S1 11 77.90

The average values of the shear failure loads etc
obtained from the three series of web-flange junction
tests on notched specimens (see Table 1) are compared
with corresponding results obtained on unnotched
specimens (Turvey & Zhang 2004b), denoted as I8-
SJ1.n, and on Iosipescu specimens, denoted as I8-S1,
in Table 2.

It is evident from Table 2 that the average of the
average shear strength strengths of the three series
of tests on notched web-flange junction specimens is
approximately 11 MPa, which is only one-seventh of
the value of the strength of the material remote from
the web-flange junction, as determined from the tests
on Iosipescu specimens.

Comparing the average of the average values of the
shear strength per unit length obtained from the tests on

the unnotched and notched specimens, it is clear that
the effect of the notches reduces the shear strength per
unit length by about 50%.

It is felt that the average notched shear strength is
a more realistic measure of the shear strength of the
web-flange junction, because it is associated with a
more clearly defined failure plane than was evident
from the tests on the unnotched specimens. Moreover,
in the latter specimens, there was generally evidence
of flexural-tension cracking in one or both surfaces of
the curved transitions between the web and the flange.

A further and final point in favour of basing the
shear strength per unit length of web-flange junctions
on the average notched shear strength is that it would
be a lower bound value, and, therefore, conservative
for use in design analysis.

6 CONCLUDING REMARKS

Details have been presented of a series of tests on sev-
enteen notched web-flange junction specimens cut out
of a pultruded GRP WF profile. The specimens exhib-
ited more clearly defined shear planes than a series
of unnotched web-flange junction specimens tested
earlier in the same test rig.

The notched specimens were tested at three nom-
inal lengths, 25, 40 and 60 mm. The highest average
strengths were obtained with the 40 mm long speci-
mens, which were 30% and 16% higher respectively
than the strengths of the 25 mm and 60 mm long speci-
mens. It is unclear as to whether or not this observation
is significant. The more so, as the highest specimen
strength was 24% greater than the lowest strength for
the 25 mm long specimens and the corresponding fig-
ures for the 40 mm and 60 mm long specimens were
30% and 56% respectively. Furthermore, as is evident
from Figure 5 and similar images taken of the other test
specimens, there is considerable divergence between
the idealised and the real fibre architecture in the web-
flange junctions and that is likely to account for the
variability in the measured shear strengths.

The shear strengths of the web-flange junctions of
the notched specimens were shown to be only about
one-seventh of the shear strengths of the web or flange
material, as measured in Iosipescu tests. Likewise, it
was shown that the shear strength per unit length of
the notched specimens was about 50% of that of the
unnotched specimens.

Finally, it was suggested that the notched shear
strengths, may be useful in design, since they are likely
to be conservative.

ACKNOWLEDGEMENTS

The authors wish to record their appreciation to the
United Kingdom’s Engineering and Physical Sciences

863



Research Council (EPSRC) for funding their work
through the award of a research grant (GR/R28386/01)
under the auspicies of EPSRC’s managed research
programme on Structural Integrity.

REFERENCES

Bank, L.C. & Yin, J. 1999. Analysis of progressive failure of
the web-flange junction in post-buckled I-beams. Journal
of Composites for Construction 3(4): 177–184.

Barbero, E.J. & DeVivo, L. 1999. Beam-column design equa-
tions for wide-flange pultruded structural shapes. Journal
of Composites for Construction 3(4): 185–191.

Brown, N.D., Mottram, J.T. & Anderson, D. 1998. The
behaviour of columns for the design of pultruded
frames: tests on isolated columns. In H. Saadatmanesh &
M.R. Ehsani (eds), Fiber Composites in Infrastructure;
Proc. 2nd intern. conf.,Tucson, 5–7 January 1998.Tucson,
University of Arizona.

Hashem, Z.A. & Yuan, R.L. 2000. Experimental and analyti-
cal investigations on short GFRP composite compression
members. Composites Part B: Engineering 31(6 & 7):
611–618.

Mottram, J.T. 1992. Lateral-torsional buckling of thin-walled
composite I-beams by the finite difference method. Com-
posites Engineering 2(2): 94–104.

Stubbs, D. 1998. Buckling tests on pultruded GRP short
columns in axial compression. Final Year Project Report,
Engineering Department, Lancaster University.

Turvey, G.J. 1996. Lateral buckling tests on rectangular cross-
section pultruded GRP cantilever beams. Composites Part
B: Engineering 27(1): 35–42.

Turvey, G.J. & Zhang,Y. 2004a. Tearing failure of web-flange
junctions in pultruded GRP profiles. Composites Part A:
Applied Science and Manufacturng. In press.

Turvey, G.J. & Zhang, Y. 2004b. Shear failure strength
of web-flange junctions in pultruded GRP profiles. In
L. Hollaway, M. Chryssanthopoulos & S.S.J. Moy (eds),
Advanced Polymer Composites for Structural Applica-
tions in Construction –ACIC 2004; Proc. 2nd intern. conf.,
Guildford, 20–22April 2004. Cambridge, Woodhead Pub-
lishing Ltd.

Yates, R. 1999. Buckling tests on pultruded HF short columns
in axial compression. FinalYear Project Report, Engineer-
ing Department, Lancaster University.

Zureick, A-H. & Shih, B. 1998. Local buckling of fiber-
reinforced polymeric structural members under linearly-
varying edge loading – part 1, theoretical formulation.
Composite Structures 41(1): 79–86.

864



FRP Composites in Civil Engineering – CICE 2004 – Seracino (ed)
© 2005 Taylor & Francis Group, London, ISBN 90 5809 638 6

Development and analysis of the large-span FRP woven web structure
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ABSTRACT: An innovative large-span structural system, namely the FRP woven web structure (FRPWWS),
is introduced in this paper. In an FRPWWS, the high-strength FRP strips are “woven” like bamboo strips in a
Chinese bamboo mat to form a plane web. The outer edge of the web is anchored on an outer ring beam, and an
inner ring beam is provided to anchor the FRP strips at the center of the web. The stiffness of the web to resist
various loads is derived from the initial prestressing during the “weaving” stage and the additional tensioning
as a result of the out-of-plane movement of the inner ring beam. As a result of the high strength-to-weight ratio
of FRP, this new structural form offers an attractive option for the construction of spatial structures with spans
longer than are possible with conventional structural materials. In this paper, the basic layout and construction
procedure for a simple FRPWWS is first presented. Three basic weaving patterns are next explained. Several
variations of the basic structural system are also proposed. A simple mechanical model is presented for the
deformation of individual FRP strips. Results from a finite element analysis of an example structure are also
given. The results of these analyses confirm the feasibility of the FRPWWS.

1 INTRODUCTION

FRP is a new kind of structural material, whose use in
civil engineering has been actively explored in recent
years. Due to its favorable properties like corrosion
resistance, high strength, low weight, good fatigue
performance, and low maintenance cost, it is consid-
ered to be an ideal material for constructing long-span
structures in the new century. However, its mechan-
ical properties are distinctly different from those of
traditional structural materials in some aspects, such
as its anisotropy. Due to the unique properties of FRP,
it is necessary to explore new forms of large-span
structures for its efficient use and for achieving spans
larger than are possible with traditional materials. For
example, Maeda et al. (2002) have conceived a 5000
meter-span suspension bridge using FRP.

The FRP woven web structure, a new large-span
structural system, is presented in this paper. This new
system represents an attempt aimed at the efficient
utilization of the unique characteristics of FRP in a
large-span roof. In an FRPWWS, the high-strength
FRP strips are woven like bamboo strips in a Chinese
bamboo mat to form a plane web. The outer edge of the
web is anchored on an outer ring beam, and an inner
ring beam is provided to anchor the FRP strips at the
center of the web. A small-scale model of a simple
FRPWWS is shown in Figure 1. The FRP strips are

Figure 1. FRPWWS model.

initially prestressed to a limited extent to keep them
straight during “weaving”. Then, the FRP web is ten-
sioned by a displacement of the inner ring beam in the
out-of-plane direction, which is effected either by a set
of prestressed tendons or by suspending a heavy mass
from the inner ring beam. As a result, a tensioned FRP
web, whose geometric stiffness is able to resist a vari-
ety of loads, forms a large-span roof system with the
two rings.

The FRPWWS resembles the cable net structure
and the cable-membrane structure: their members are
flexible; and the geometric stiffness resulting from
tension is utilized to resist loads. However, the FRP-
WWS has its unique advantages: (1) the FRP strips
are ideal for super large-span structures due to their
low self-weight and their superior material properties
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in the lengthwise direction, which are efficiently uti-
lized, while the weakness of inferior properties in the
transverse directions is not exposed; (2) significant
damping can be expected to arise from friction at joints
between FRP strips, which can enhance the resistance
of the structure to wind and earthquake loads; (3) the
regular weaving pattern leads to an aesthetically pleas-
ing surface; and (4) the corrosion resistance of FRP
and the ease of installation because of its lightweight
translate into low maintenance costs.

In this paper, the basic layout and construction pro-
cedure for a simple FRPWWS system is presented
in detail. The weaving patterns in plane are summa-
rized into three types. Some spatial FRPWWS forms
for practical applications are also proposed. A simple
mechanical model for individual FRP strips in the web
is presented. Results from the finite element analysis
of a simple FRPWWS are also described.

2 LAYOUT OF A SIMPLE FRPWWS

A simple FRP woven web structure is composed of a
FRP woven web, an outer ring beam and an inner ring
beam for anchorage, and an additional weight or a set
of prestressed tendons, as shown in Figure 1.

The web is woven with FRP strips, and CFRP
strips or other high-performance hybrid FRP strips
are suggested. CFRP strips, which have been widely
used to strengthen concrete structures in recent years,
are manufactured by pultrusion in general, with a
fiber volume ratio of about 65%. The properties
of two representative products made in China and
Switzerland respectively are listed in Table 1.

The strips can be curved and circumvoluted due to
their small thickness. A typical CFRP strip with prop-
erties similar to those shown in Table 1 is able to resist
a tensile force of 400 kN or more, while the weight of a
300 m long strip is less than 70 kg. In comparison, the
self weight of a 300 m long high strength steel cable
which can resist the same load is more than 500 kg.

The strips are arranged into a plane surface of a suit-
able pattern by some pre-defined rules. In the simplest
weaving pattern, each strip passes over one crossing
strip and under the next to form a web like a woven
fabric. A part of such web is shown in Figure 2 (Peng
et al. 2004). In a more general case, the number of
strips meeting at a joint and the angles between these
strips are the basic parameters of a weaving pattern:
two strips at 90◦ to each other are shown in Figure 3(a),
three strips at 60◦ shown in Figure 3(b), and four strips
at 45◦ shown in Figure 3(c). At the joints, strips can
be fully inter-connected by adhesive bonding after
complete shape formation or left unbonded so that
sliding between strips is allowed. In the latter case,
the static friction between strips can contribute to the
stiffness under static loading while the sliding friction

Table 1. Properties of two CFRP strip products.

Properties Product 1 Product 2

Country of manufacturer China Switzerland
Width (mm) 100 120
Thickness (mm) 1.4 1.4
Specific gravity 1.5 1.6
Longitudinal strength (MPa) ≥2800 ≥2400
Longitudinal modulus (GPa) ≥160 ≥210
Ultimate elongation (%) ≥1.7 ≥1.4
Thermal expansion coefficient (/◦C) 0.2 × 10−6

Figure 2. Part of a woven web (After Peng et al. 2004).

(a) (b) (c)

Figure 3. Weaving patterns.

can consume the kinetic energy of the structure under
dynamic loading.

3 CONSTRUCTION OF SIMPLE FRPWWS

Following the five construction steps as shown in
Figure 4, a simplest FRPWWS can be completed.

First, the outer and inner ring beams on temporary
supports are constructed. In general, the outer ring
beam is in compression and the inner one is in ten-
sion when the web is in place. The outer ring beam is
made of reinforced concrete while the inner ring beam
is made of steel. The web which is woven with FRP
strips is next fixed onto the ring beams with hinge
joints and provided with some initial tension to form a
plane surface. A tentative hinge joint scheme between
the strip and the ring beam is shown in Figure 5, where
the strip is tightly clamped between two stiff plates.The
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(a) Completing ring beams

(b) Weaving the FRP web

(c) Anchoring and pre-tensioning

Ring beams
Supports

FRP web

(d) Withdrawing supports to
inner ring beam

Prestressed tendons

(e) Tensioning the web with
prestressed tendons

Figure 4. Construction steps.

Hinge

Beam

CFRP Strip

CFRP Strip
Hinge

Figure 5. Tentative hinge joint scheme.

weaving of the strips should follow the rules of a speci-
fied weaving pattern which should have been designed
by the structural engineer and the architect together.
Weaving can be carried out easily due to the light

Figure 6. A tiled pattern with circular beams.

weight and small thickness of FRP strips. The tempo-
rary supports to the inner ring beam are now withdrawn
and the inner ring beam moves in the out-of-plane
direction by its self-weight plus an additional weight
where necessary.This out-of-plane displacement of the
inner ring beam can also be effected by a set of high
strength tendons. The installation of these prestressed
tendons completes the construction process. Accord-
ing to force decomposition, a small out-of-plane force
causes a large in-plane component and enables the web
to be tensioned, leading to a web of sufficient stiffness
to resist various loads.

4 MORE COMPLEX FORMS OF THE
FRPWWS

4.1 Basic plane weaving patterns

The FRP web is the main component in the FRPWWS
system. Various weaving patterns can be adopted for
the initial plane web, which will result in different
mechanical behaviour. They may be classified into the
following three types: tiled patterns, radiated patterns
and polygonal patterns. A web weaving pattern that is
independent of the boundaries is referred to as a tiled
pattern as shown in Figure 6. The radiated pattern and
the polygonal pattern are both made up of a number of
repeated sets, each of which is composed of a number
of line segments. Some examples of these two types
are shown in Figures 7 and 8 respectively. Any pat-
tern of these two types has its own defining rules. In
practice, these three types of weaving patterns may be
combined where appropriate in an FRPWWS system.

4.2 Spatially curved outer ring beam

In a real structure, a spatially-curved outer ring beam
may be adopted to achieve a more appealing building
shape. If the outer edge of the FRP web is anchored
onto such a ring beam, the strips can form a smooth
curved surface in space, as shown in Figure 9. The
shape is that of a piece of stressed cloth placed on
the curved beam. Because the web is composed of
individual strips, it offers great flexibility in forming
a curved surface with good mechanical behavior.
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(a) Circular outer boundary

(b) Rectangular outer boundary

Figure 7. Radiated patterns.

(a) Circular outer boundary

(b) Rectangular outer boundary

Figure 8. Polygonal patterns.

4.3 Double web system

The load carrying capacity of an FRPWWS is mainly
provided by its geometric stiffness derived from the
tensile forces in the FRP strips. The strips are pre-
stressed in two steps: initial prestressing in plane
before anchorage to the ring beams and second stage
prestressing through the out-of-plane movement of
the inner ring beam. The former is applied to each
strip one by one, to achieve a plane web surface

Figure 9. An FRPWWS with a spatially curved outer
boundary.

FRP webs

Support structure

(a) Saucer-shaped double-web structure

FRP webs

Prestressed tendons

(b) Butterfly-shaped double-web structure

Figure 10. Double-web systems.

and to control the total displacement. The latter is
applied to shape the web and to achieve a pre-defined
stress level, which can be realized in many differ-
ent ways, including the use of prestressed tendons as
mentioned earlier, uplifting with a stay column and a
hung heavy weight on the inner ring beam, which may
be retractable roof equipment. An alternative to the
above approaches is to form two webs, whose inner
ring beams are then pulled together or pushed apart to
induce tensile forces in the strips. Such a double-web
structure is illustrated in Figure 10. Figure 10(a) shows
a saucer-shaped FRPWWS achieved by pushing apart
the two inner ring beams, while Figure 10(b) shows a
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Figure 11. An FRPWWS with five ring beams.

Figure 12. Folded FRPWWS.

butterfly-shaped FRPWWS achieved by pulling
together the two ring beams.

4.4 FRPWWS with multiple ring beams

There are only two ring beams in a simple FRPWWS. If
more ring beams are used as shown in Figure 11, a large
web will be divided into several shorter spans. The
difficulty of construction and design will decrease as
the length of continuous FRP strips becomes smaller.
If a double-web system is provided with many ring
beams, a folded-web system results (Figure 12).

The above are just some possible variations of the
basic FRPWWS. In practical applications, many other
forms/shapes can be explored. The FRPWWS may
also be combined with other structural systems to
become hybrid structural systems.

5 ANALYSIS OF A SIMPLE FRPWWS

5.1 Individual FRP strip

Each FRP strip in the web is mainly subject to tension
if interaction between strips at joints is ignored. A pair
of strips at 180◦ apart in a simple web can be modeled
as two strips whose ends are connected to the outer
beam and the inner ring beam respectively, as shown
in Figure 13. The outer beam is regarded as a fixed

H0H0

L

(a) Initial prestressed state

H1 H1

V V

∆1

T1

(b) Out-of-plane tensioned state

H2 H2

V V
R R

q(x) q(x)

xx ∆2

(c) Service loading state

Figure 13. Three states of a simple model of an FRPWWS.

point while the inner ring beam is treated as a rigid
body. There are three states for the strips: initial pre-
stressed state, out-of-plane tensioned state and service
loading state.

It is assumed that the cross-sectional area of the strip
is A, the elastic modulus is E, the difference between
the radii of the inner and the outer ring beams is L, and
the self weight and flexural stiffness of the FRP strip
are neglected because they are very small.

In the first state as shown in Figure 13(a), a hor-
izontal initial prestressing force H0 is applied to the
end of the strip. Then the strain of the strip is

The initial length of the strip is

In the second state as shown in Figure 13(b), two
vertical loads V are applied on the inner ring beam to
move it down to tension the strips. The tensile force in
the strip is T1, whose horizontal component is H1, and
the displacement of the inner ring beam is 	1. Based
on equilibrium consideration, there is

If the strain of the strips at this time is ε1, then
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From the geometric relationship, there is

Combining these equations, T1, 	1, ε1 can be found.
In the third state, the strips are required to sup-

port a service load q(x) which is symmetrically placed
with respect to the centre of the inner ring beam. The
reaction at the fixed end can be decomposed into the
horizontal force H2 and the vertical force R. The total
deflection of a point at a distance x from the fixed point
is denoted by z(x), the deflection due to the service load
is denoted by w(x), and the total displacement of the
inner beam is denoted by 	2 Then,

The deflected shape is governed by the following cable
equation (Shen 1997):

If q(x) is a uniform load, the deflection curve can be
found easily by double integration to be:

and Equation (7) becomes

The slopes at the strip ends are

Based on deformation compatibility, the total length
change of each strip in the second stage is given by

but the second stage elongation found from strains is

Thus, H2 and 	2 can be found from Equations (10–14).

Figure 14. FRPWWS analysis model.

As an example, a pair of strips for a model
FRPWWS as shown in Figure 13 is considered, where
L = 80 m and the properties of the strips are the same
as those of product 2 in Table 1. In the first stage,
an initial stress of 500 MPa is induced in the strips,
then ε0 = 0.0024, L0 = 79.81 m, and H0 = 84 kN.
In the second stage, an out-of-plane force V = 30 kN
is applied. As a result, 	1 = 7.14 m, ε1 = 0.0064,
H1 = 225.3 kN and the stress in the strips is
1344 MPa. Finally, a uniform load q = 0.5 kN/m is
applied on the strips, and consequently 	2 = 10.27 m,
H2 = 389.5 kN, and the maximum stress in the strips
is 2352 MPa and occurs near the outer fixed end.

From this simple analysis, the key parameters for
an FRPWWS can be identified. These include the
initial control stress or the prestressing force H0, the
out-of-plane force V or the deflection of the inner beam
	1. They control the deformation of the web under
loading and the stress level in the FRP strips.

5.2 A simple FRPWWS

A simple FRPWWS as shown in Figure 14 was ana-
lyzed by the finite element method using the finite
element package ANSYS (2000). It has a 150 m span,
and the radius of the inner ring is 30 m. Product 2 listed
in the Table 1 is employed in this structure, which is
assumed to have a design value of 2000 MPa for the
tensile strength. Only the radiated pattern is adopted.
There are 360 repeated sets altogether, each of which
is composed of three strips. Thus, there are 1080 FRP
strips in the structure.The geometric nonlinearity from
large deformation was considered in the finite ele-
ment analysis, while interaction between strips was
neglected. The self weight of the FRP web is ignored
as it is only 177 kN which is much smaller the total
load acting on the structure.

The stress level in the initial prestressed web is con-
trolled to be no more than 210 MPa, while that after
the downward movement of the inner ring beam no
more than 1000 MPa. From the finite element analysis,
under a vertical force of 14,400 kN for the second stage
operation, the inner ring beam moves down by 5.08 m
and the maximum stress in the strips reaches 995 MPa.
The construction of the FRPWWS is now complete.
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As the weight of each strip in this FRPWWS is less
than 18 kg, which can be carried by an adult, the con-
struction of this structure is expected to be easy. The
total weight of the strips in the FRPWWS is estimated
to be about 19,440 kg.

The completed FRPWWS was next subject to a fac-
tored uniform load of 1.8 kN/m2 over the entire area
enclosed by the outer ring beam, which is intended to
include the self-weight of the roofing material, wind
loading and snow loading. Under this loading, the
maximum deflection increase is 1.22 m and the total
maximum stress in the FRP strips is 1542 MPa, which
is about 85.7% of the design stress. The structure is
thus strong enough to resist this loading.

6 CONCLUSIONS

The FRP woven web structure (FRPWWS), which
represents a new application of FRP in long-span struc-
tures, has been presented in this paper. The key aspects
of this new system are listed below.

i. The FRP woven web, the ring beams and the
out-of-plane tension system are the basic compo-
nents of the FRPWWS.

ii. There are five construction steps for a simple
FRPWWS as illustrated in Figure 4.

iii. The plane weaving patterns can be summarized
into three types: tiled patterns, radiated patterns
and polygonal patterns.

iv. Following the same basic principle, many different
forms can be constructed.The paper has discussed

several such possibilities, including the use of a
spatially curved outer ring beam, the double-web
system and systems with multiple ring beams.

v. An FRPWWS experiences three distinct stress
states: the initial prestressed state, the out-of-plane
tensioned state and the service loading state, all of
which should be considered in design.
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The effect of non-classical behaviors on the measurement of the Timoshenko
shear stiffness

M.D. Hayes & J.J. Lesko
Department of Engineering Science and Mechanics, Virginia Tech, Blacksburg, VA, USA

ABSTRACT: A number of researchers have encountered difficulty in measuring theTimoshenko shear stiffness
of thin-walled structural beams in the laboratory. Large errors in the measured values relative to analytical
estimates have been attributed to error in the deflection measurements and to shear warping effects. It has
been hypothesized that warping incompatibilities at loading points and supports result in local increases in the
apparent shear stiffness. In this study, the influence of warping on beams under various types of loading and
boundary conditions was considered using finite element analysis (FEA). In particular, a solid beam test case
and a commercially available thin-walled FRP beam were investigated. The results suggest that warping has a
negligible effect for thin-walled beams at reasonable span lengths. However, transverse compression at the load
points and supports is found to reduce the effective shear stiffness significantly at shorter span lengths.

1 INTRODUCTION

1.1 Background

Fiber-reinforced polymeric (FRP) composites are
increasingly finding use in the areas of civil infras-
tructure and construction. Specifically, composites are
being considered for structural elements in bridge con-
struction as lighter, more durable alternatives to steel
and concrete. The design of FRP structures in infras-
tructure applications is typically stiffness-controlled,
since large deflections can pose problems for overlay
and connection durability. Furthermore, FRP struc-
tural beams will exhibit appreciable shear deformation
at low aspect (span-to-depth) ratios, due to the rela-
tively low shear modulus of FRP materials. In order to
minimize cost and to design efficient structures using
FRP beams, it is important for the manufacturers to be
able to precisely specify stiffness design allowables.
Therefore, it is imperative to be able to measure the
stiffness quantities accurately in the laboratory and to
be able to estimate them analytically.

The current study is motivated by the need to
understand and predict the performance of a partic-
ular structural member that has been developed for
the infrastructure market. Strongwell Corporation of
Bristol, Virginia has developed a 91 cm (36 inch) deep
pultruded double web beam (DWB) for use in bridge
construction (Figure 1). The beam is a hybrid lami-
nated composite, composed of both E-glass and carbon
fibers in a vinyl ester resin. The DWB is intended for
unsupported spans from 9.14 m to 18.3 m (30 to 60
feet) and has been implemented in the rehabilitation

Figure 1. The 91 cm (36 inch) DWB (dimensions in inches).

of a 12.2 m (40 ft) long bridge (Restrepo 2002). Exper-
imental results indicate that at the 9.14 m span, shear
accounts for 15% of the total deformation under four-
point loading with loads applied at the third points (1/3
and 2/3 span).
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Figure 2. Four-point bend test set-up for 91 cm
(36 inch) DWB.

Waldron (Waldron 2001) examined eleven 91 cm
(36 inch) double-web beams in a static four-point
bending geometry to measure the bending and shear
stiffness values.The measuredTimoshenko shear stiff-
ness kGA value was as much as 59% less than the
analytically calculated value for 13 beams tested, and
the scatter was considerable. At the time, the error was
attributed mainly to imprecision in the deflection mea-
surements caused by the low bit resolution of the data
acquisition system.

More recently, Schniepp .(Schniepp 2002) tested 15
beams at spans ranging from 9.1 m to 17.7 m (30 ft to
60 ft), as shown in Figure 2. Care was taken to obtain
accurate deflection measurement, and the issue of pre-
cision was alleviated greatly by switching to a higher
resolution data acquisition system. Still, the mean
kGA values were 15–27% higher than the analytical
value, and the scatter was high. These results high-
light the difficulty in measuring the Timoshenko shear
stiffness kGA.

1.2 Timoshenko shear stiffness

Since Timoshenko’s modification of beam theory to
account for shear deformation in the 1920’s, a num-
ber of analytical techniques have been devised to
calculate the shear correction factor, k , which was
introdced to correct the strain energy resulting from
the assumption of a constant shear profile. In par-
ticular, Cowper developed an alternate derivation of
Timoshenko beam theory that leads to a comprehen-
sive definition for k (Cowper 1966). For homogeneous
isotropic beams, he found that k depends only on the
geometry and the Poisson’s ratio, ν. For a solid rect-
angular section, k approaches the well-known value
of 5/6 as ν approaches zero. For laminated composite
beams, the material properties and therefore the shear
stress will vary through the depth of the beam, e.g.
(Dharmarajan and McCutchen 1973; Teh and Huang
1979; Madabhusi-Raman and Davalos 1996).

Determining the value of k for a thin-walled com-
posite beam is more difficult, since the shear stress
distribution is less easily obtained. The common prac-
tice is to estimate the shear stiffness kGA by multi-
plying the transverse shear modulus G by the shear

area A and assuming a value of k = 1 (Nagaraj and
GangaRao 1997). However, the definition of shear area
for a thin-walled beam is not always clear. It is usually
considered to be only the areas of the vertical members,
since thin flanges carry very little shear. However, this
assumption may no longer be valid as the thickness
of the flanges increases. Furthermore, since the factor
k is used to correct the Timoshenko strain energy as
computed over the shear area, k and A are coupled.
To estimate values of kGA for thin-walled compos-
ite beams, Bank (Bank 1987) and Bank and Melehan
(Bank and Melehan 1989) extended Cowper’s method
to thin-walled beams made of anisotropic panels such
as laminated FRP beams.

In References (Cowper 1966; Dharmarajan and
McCutchen 1973; Teh and Huang 1979; Bank 1987;
Bank and Melehan 1989; Madabhusi-Raman and
Davalos 1996; Omidvar 1998), the shear is consid-
ered to act on the entire cross-sectional area of the
beam. Since the shear stress distribution in a thin-
walled beam is piecewise parabolic and the shear stress
is very small in the flanges, the shear correction fac-
tor k can be much smaller than that found considering
only the area of the vertical members.

For instance, the Mechanics of Laminated Beam
(MLB) model developed by Barbero et al. (Barbero,
Lopez-Anido et al. 1993) neglects any shear stiffness
contributions from the horizontal walls, and the shear
stiffness GA is simply equal to the sum of the in-plane
shear stiffnesses of the vertical panel(s). Furthermore,
only the shear flow over the vertical members is con-
sidered in computing the shear correction factor. The
result is that the shear correction factor is approxi-
mately equal to 1 for moderately tall sections with thin
flanges, as expected.

The shear flow across the entire section is found a
posteriori by integrating the appropriate equilibrium
equation in terms of stress resultants. The shear cor-
rection factor k is found by equating the shear strain
energy computed from the shear flow over the web
section only to the Timoshenko shear strain energy. In
computing the latter, the shear force is taken to be the
resultant of the shear stress over the web area only.

In summary, it is important to recognize that the
value of k is dependent upon or coupled with the def-
inition of the shear area. Consider, for example, the
shear stress distribution for an isotropic wide flange
calculated using the mechanics of materials approach.
The MLB model yields a value of k ∼= 1 for a homo-
geneous, isotropic I-beam with an aspect ratio of 1
(Barbero, Lopez-Anido et al. 1993). For the same sec-
tion, Bank (Bank 1987) calculates a value of k ∼= 0.3.

1.3 Experimental determination of kGA

It is clear that the section shear stiffness and the shear
flow depend on the material properties and geome-
try of the beam. Therefore, simply performing coupon
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shear tests on the web or vertical wall material of
the beam is not sufficient to accurately determine
the global section shear stiffness of the beam for
use in Timoshenko beam theory. Full section tests
on the beam itself are preferred, and two methods
are available to determine the shear stiffness kGA
experimentally.

In the first method, referred to here as the “back
calculation method”, a single four-point bend test is
performed. The bending stiffness EI is first deter-
mined from strain readings on the outer flange surfaces
at mid-span (in the constant moment region):

where M is the moment from equilibrium, c is the
largest distance from the neutral axis, and ε is the
measured strain. Once EI is known, the measured
deflection can be used to back calculate kGA from
the appropriateTimoshenko equation. For instance, the
Timoshenko equation for a four-point bend test with
the loads applied at the third points is

where P is the is the load applied at both points and L
is the span length. Solving for kGA,

This method, while quick and simple, is generally
avoided as it is very sensitive to error in the deflection
measurement.

In the “simultaneous method”, also referred to
as the “graphical” method, multiple bending tests at
different spans are run for each beam. Each test gen-
erates an additional Timoshenko equation with two
unknowns, EI and kGA, since the measured deflec-
tion is known. Theoretically, only two span lengths are
required to solve for the two unknown stiffness param-
eters, but additional tests are normally run to reduce
the error. If the Timoshenko equation is modified by
dividing by PL3, then the equation can be interpreted
as being that of a line, with 1/L2 being the indepen-
dent variable on the abscissa and δmax/PL3 being the
dependent variable on the ordinate. This is the “graph-
ical” interpretation of the simultaneous approach. For
example, Equation (1–2) becomes

Then the deflection quantity δmax/PL3can be plotted
versus 1/L2 for different tests run at different spans,
L. The slope of a fitted line will be proportional to the
kGA and the intercept will be proportional to the EI.
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Figure 3. Shear strain profiles from the FE models of
the DWB with pad supports, showing the decay near a
support and at a load patch. The support is located between
x = 53.3 and 76.2 cm, while the load patch is located between
x = 248 and 271 cm. Only half of the span is shown.

Alternately, one can divide the Timoshenko equation
by PL, and the slope and intercept will be proportional
to EI and kGA, respectively. The simultaneous method
has been used by a number of researchers to charac-
terize solid beams, thin-walled beams, and sandwich
panels (Allen 1969; Fischer, Roman et al. 1981; Sims,
Johnson et al. 1987; Bank 1989; Barbero, Fu et al.
1991; Cosenza, Lazzaro et al. 1996; Davalos, Salim
et al. 1996).

1.4 Experimental error

Both experimental methods are very sensitive to
error in the deflection measurement. Furthermore,
the inherent limitations of Timoshenko beam theory
may introduce additional error. Non-classical effects
caused by warping, transverse flexibility, and complex
boundary conditions are neglected by Timoshenko
beam theory and will affect deflections slightly.
For example, “warping incompatibilities” caused by
loading and boundary conditions or non-uniform
bending cause additional axial displacements or warp-
ings (Bauchau 1985).Through the strain-displacement
relations, these warping displacements cause a local
increase in the outer fiber axial strains and a reduc-
tion in the shear strain. The effect decays over a
finite length, which depends upon the test geometry,
beam geometry (aspect ratio), and material properties
(degree of anisotropy).

To understand the effects of the boundary condi-
tions on the effective kGA values, it is useful to observe
the behavior of the beam in the vicinity of the supports
and the loading points. Figure 3 shows the mid-plane
shear strain along half of the length of a 6.1 m (20 ft)
long DWB for two FE models using elastomeric pads
at the supports. The shear strain undergoes a smooth
decay at the load patch as the resultant shear force
decreases from P/2 to 0.The pads have nearly the same
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effect as the loading patches. The decay patterns are
identical for longer spans, but it is obvious that this
non-classical effect impacts a longer portion of the
beam span at shorter spans.

The local reduction in shear strain caused by an
incompatibility can be viewed as an increase in the
local apparent Timoshenko shear stiffness, leading to
an increase in the effective shear stiffness for the beam
as a whole. Alternately, one can view the increase
in axial strain as a decrease in the apparent bend-
ing stiffness. This view was taken by Lopez-Anido
and GangaRao (Lopez-Anido and GangaRao 1996).
They developed a thin-walled beam theory including
out-of-plane warping and calculated an effective axial
modulus, which varies along the length of the beam.
The effective modulus is shown to decrease in the
vicinity of load points, and the effect decays in the
far field. According to the authors, this observation
explains why so many researchers have difficulty cal-
culating the shear stiffness using Timoshenko beam
theory. This argument was again echoed by Bank
(Bank 1987) in the context of calculating the shear
correction factor.

1.5 Summary

Experimental determination of the Timoshenko shear
stiffness of thin-walled composite beams has proven
to be difficult due to the sensitivity of the calculation
to small changes in the deflection measurement. This
difficulty is likely a direct result of the type of non-
classical behaviors that Euler and Timoshenko beam
theories neglect, including warping and transverse
flexibility. While several authors have acknowledged
the importance of these factors, few have attempted to
quantify the effects.

The objective the current study is to understand
the difficulties in measuring kGA experimentally. In
particular, the effects of boundary conditions, load-
ing conditions, and test geometry are considered. At
the onset of this study, it was hypothesized that these
factors influence the beam response primarily through
warping and warping restraint, and finite element anal-
ysis was utilized to test this hypothesis. The effects
of transverse compressibility were also considered. A
simple test case using a solid rectangular beam was
considered, in addition to the 36 inch (91 cm) DWB.
First, however, to provide exact reference values of the
Timoshenko shear stiffness for later calculations, lam-
inated beam theory and finite element analysis were
applied to these beams.

2 SHEAR STIFFNESS CALCULATIONS

2.1 Composite beams

A simple solid beam was modeled to explore the effects
of warping and compression without the additional

complexity of width-direction geometric and mate-
rial variations. The beam was assumed to have a
narrow, rectangular cross-section with homogeneous,
orthotropic properties. Thus, computation of the
Timoshenko shear stiffness is straightforward. This
beam also permits a high degree of mesh refinement
in a finite element model. Aspect ratios varying from
3 to 30 and orthotropy ratios E/G of 2.5 and 37 were
considered. The first orthotropy ratio corresponds to
the ratio of the effective bending modulus of the DWB
to its effective shear modulus, as calculated using the
MLB model. The second orthotropy ratio corresponds
to the properties of a carbon/vinyl ester uni-directional
ply with a volume fraction of 55%.

The theoretical shear stiffness of the solid beam
is calculated simply as kGA, the shear modulus G
multiplied by the total cross-sectional area A, and the
shear correction factor k . The value of k is calculated
using the method of Cowper extended to homogeneous
specially-orthotropic solid beams by Dharmarajan and
McCutchen (Dharmarajan and McCutchen 1973):

where Ezz is the axial modulus, Gxz is the transverse
shear modulus, and νxz is the transverse Poisson’s ratio.
The shear correction factor is calculated to be 0.847
and 0.905 for the orthotropy ratios of E/G = 2.5 and
37, respectively.

2.2 Thin-walled Laminated Beam

Next, the 91 cm (36 inch) DWB was considered. The
lay-up of the DWB was estimated using the fiber
thread-up schematics provided by the manufacturer,
and the ply-level engineering properties were esti-
mated using standard micromechanics models. While
the lay-up is proprietary, the web is essentially a quasi-
isotropic panel with some random-fiber continuous
strand mat (CSM). The flanges are comprised of two
sub-laminates: the outer sub-laminate, which consists
of carbon fiber and CSM, and half of the web panel
material which is folded 90 degrees to form the inner
sub-laminate. This all-glass portion terminates at two
external tapers on the inner surface of the flanges
(Figure 1). The Timoshenko shear stiffness kGA of
the 91 cm (36 inch) DWB was calculated using
the Mechanics of Laminated Beam (MLB) model of
Barbero et al. (Barbero, Lopez-Anido et al. 1993)
and finite element analysis. The results of the FEA
k calculation are not presented here.

2.2.1 Laminated beam theory
The details of the MLB model are not presented here,
but the “uncorrected” shear stiffness GA is essentially
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the in-plane shear stiffness of the web panels as cal-
culated using CLT. The reader is referred to Barbero
et al. (Barbero, Lopez-Anido et al. 1993) for further
details. The shear correction factor is found follow-
ing the classical definition, i.e. by equating the shear
strain energy predicted by Timoshenko beam theory to
that obtained from the “actual” shear stress distribu-
tion over the cross-section. Because the MLB analysis
neglects shear deformation in the flanges and assumes
a constant shear strain distribution through the web,
the actual wall shear stress resultant and shear strain
across all walls is estimated a posteriori by integrating
the z-direction resultant force equilibrium equation for
each panel.

Barbero et al. give a general equation for k in terms
of wall stiffness parameters and the contour definition.
It is important to note that to be consistent with the
underlying assumptions of MLB, only the shear flow
over the web panels is used to compute k . That is, only
part of the total shear flow is used to compute the shear
strain energy. Furthermore, the shear resultant force
used in the calculation is actually slightly less than the
total shear force.These are subtle but important details
which can cause large errors in the k calculation, if they
are not carefully considered.

Using the MLB model, the total shear stiffness
of the DWB (neglecting flange and sub-flange con-
tributions) was found to be GA = 176 MPa-m2 (39.6
Msi-in2). The double web feature forces k to 0.997.
Thus, theTimoshenko shear stiffness kGA is calculated
to be 175 MPa-m2 (39.5 Msi-in2). Henceforth, this
value will be referred to as the reference value.

3 WARPING EFFECTS

Next, the concept of apparent shear stiffness is revis-
ited. This local phenomenon is caused by discon-
tinuities or gradients in the resultant shear force.
Depending upon the strength of the disturbances,
which are controlled by the lay-up and geometry of
the beam, integration of these local changes in kGA
over the entire beam may impact the effective kGA.
This effective shear stiffness is the quantity measured
in experiments, and it should depend upon the load-
ing and geometry. For instance, a beam loaded in
three-point bending might exhibit a different effec-
tive kGA than a beam of equal length under four-point
loading. In addition, distributed loads should have a
different effect than concentrated loads. In this way,
the Timoshenko shear stiffness is viewed as being
not only a material or structural property, but also a
geometry-dependent quantity.

The simplest way to characterize the impact of
these non-classical effects on the shear response is
to measure the change in deflection when the load-
ing conditions are changed. Finite element models

of the two composite beams were utilized to sim-
ulate the actual beam deflection measured in a lab
test. The effective Timoshenko shear stiffness for a
given test geometry was then back-calculated using
this “actual” deflection.A primary advantage of apply-
ing this approach is that errors due to inaccurate
deflection measurements are eliminated, if the FEA
mesh is sufficiently refined to ensure convergence.
Furthermore, FEA can account for actual loading con-
ditions and boundary conditions, and it provides the
real three-dimensional response of the beam.

3.1 Finite element analysis

Finite element models of the solid beam test case
in four-point loading at varying span lengths were
constructed. Two types of boundary conditions were
considered: nodal fixity at the neutral axis and
nodal fixity along the bottom edge. The FE models
were constructed in ANSYS® using the PLANE42
element type, a 2-D planar 4-noded element for
modeling plane stress problems. The beam was mod-
eled with a 2.54 cm × 2.54 cm (1 inch × 1 inch) square
cross-section and lengths ranging from 7.62 cm to
76.2 cm (3 inch to 30 inches). An element size of
1.27 mm × 1.27 mm (0.05 in × 0.05 in) was selected to
provide a high degree of mesh refinement. The bend-
ing stiffness was computed analytically as [E · I ], and
then kGA was back-calculated from the FEA predicted
deflections.

The DWB was modeled in full 3-D in ANSYS®

using the SOLID46 8-noded, 3-D layered solid ele-
ment. A full length FE model was constructed for a
12.2 m (40 ft) long beam under four-point bending
with the loads applied near the third points. The mesh
was sufficiently refined to provide convergence on the
mid-span deflection, calculated on the bottom surface
of the bottom flange. To accurately simulate the real
test conditions, the load patches were modeled in detail
(Hayes 2003).

Again, the two boundary conditions above were
applied. Following the experimental procedure, the
bending stiffness was calculated using Equation
(1-1) and the axial strain from the outer surface of
the top flange. This value was checked using the
theoretical bending stiffness calculated with MLB
beam theory. This analysis was conducted for the three
spans tested by Schniepp (Schniepp 2002), as well as
two additional span lengths (6.1 m and 15.2 m, or 20 ft
and 50 ft).

3.2 Results

3.2.1 Solid beam test case
The back-calculated kGA values determined using the
two nodal fixity boundary conditions for the low
orthotropy example are shown in Figure 4. For the
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Figure 4. Back-calculated kGA values for a solid
rectangular beam in four-point loading with E/G = 2.5 as
determined by FEA.
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Figure 5. Back-calculated kGA values for a solid
rectangular beam in four-point loading with E/G = 37 as
determined from FEA.

case of nodal fixity at the neutral axis, the effective
kGA value is much lower than the theoretical value at
short spans and then overshoots the theoretical value
at longer spans. When nodal fixity is enforced at the
bottom edge of the beam, kGA is reduced by 20 to 50%
relative to the former case, approaching the theoretical
value at longer span lengths. As indicated in Figure 4,
the location of the load, e.g. at the neutral axis or on
the top surface, can have a significant effect as well.

These results suggest a significant effect of non-
classical behavior on the effective kGA value, espe-
cially at shorter spans. For instance, at an aspect ratio
of 10, the model using nodal fixity at the bottom
edge yields an effective kGA value which is 40% less
than the theoretical value. However, the source of this
effect does not appear to be warping, since the FEA
results show a clear trend of increasing kGA with span.
This trend is contrary to the hypothesized trend due to
warping. To further illustrate this point, the kGA ver-
sus span curves for the high orthotropy example are
shown in Figure 5.The results again yield low kGA val-
ues at short spans which then approach the theoretical
value at longer spans. It is noted, however, that much
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Figure 6. The effect of span on the effective kGA
back-calculated from the FE results for the four-point loading
geometry and the two cases of discrete supports.

longer spans are required to achieve a match with the
theoretical value.

3.2.2 DWB
The resulting effective kGA values versus span length
for the DWB are shown in Figure 6. As in the case
of the solid beam, the results show a clear trend of
increasing kGA with span. Again, this trend is con-
trary to the hypothesized increase in effective kGA
with decreasing span due to warping. The case of the
boundary conditions applied at the bottom edge yields
a kGA value 14 to 26% lower than the case where the
boundary conditions applied at the neutral axis.

4 TRANSVERSE FLEXIBILITY EFFECTS

The results of the previous section suggest that an
effect other than warping causes a reduction in the
effective kGA value at shorter spans.The effect appears
to be dependent upon where the loads and bound-
ary conditions are applied through the depth of the
beam, suggesting a dependence upon the transverse
properties. Based on observations in the sandwich
beam literature (Frostig, Baruch et al. 1992), it is now
hypothesized that transverse compressive deformation
near the external loads and reactions can increase
global deflections enough to decrease the measured
Timoshenko shear stiffness at short spans.

To check for a transverse compressibility effect, a
simple parametric study using the four-point loaded
solid beam FE model was conducted. The trans-
verse modulus Ez was varied between 5 MPa and
445 MPa (1.11 Msi and 100 Msi), the modulus of
the carbon/vinyl ester ply in the DWB and the mod-
ulus of a nearly “infinitely stiff” material, respec-
tively. The effective kGA was back-calculated as usual
and compared to the theoretical value. This analysis
was conducted for both orthotropy cases considered
previously.
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Figure 7. Influence of the transverse compressive modulus
on the effective kGA value (solid beam test case, four-point
loading).

A similar parametric study was undertaken to assess
the influence of the transverse stiffness on the behav-
ior of the DWB. The fiber-direction modulus E11 of
the 90◦ plies in the web panels was increased to
689 GPa and 6.89e6 GPa (100 Msi and 1e6 Msi) to
increase the panel stiffness in the z-direction from
14.8 GPa (2.15 Msi) to 138 GPa and 1296 GPa (20 Msi
and 188 Msi), respectively. This approach does not
affect the shear stiffness of the panels – an observation
that can easily be verified by CLT. A check of the FE
predicted shear strains also confirmed this.

4.1 Results

The results of the four-point loading FEA paramet-
ric study for the high orthotropy case are shown in
Figure 7. The results clearly indicate that as the trans-
verse stiffness is increased, the effective kGA value
increases and approaches the theoretical value. Fur-
thermore, as Ez becomes very large, the warping
behavior is recovered and the slight short span stiffen-
ing effect is observed. This effect correlates well with
the warping effect predicted using a third order lami-
nated beam theory developed in (Hayes 2003). Thus,
it appears that the reduction in kGA at short spans can
be explained by transverse compression.

As noted previously, the amount of transverse defor-
mation depends upon how the loads and boundary
conditions are applied. Incidentally, the location where
the mid-span deflection is “measured” is also impor-
tant. In the previous results, the deflections were taken
from the bottom surface. However, if the absolute max-
imum deflection is used instead, the resulting kGA
values are shifted downward slightly [31].

The effect of the transverse stiffness on the back-
calculated kGA value of the DWB is shown in Figure 8.
The results clearly show an increase in kGA with trans-
verse stiffness with the curves approaching a limit,
although this limit is higher than the theoretical value.
The reason for this discrepancy is unclear.
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Figure 8. Effect of transverse stiffness on the effective kGA
value of the DWB (finite element results).

4.2 Other FRP beams

The DWB is a unique structural beam due to the use of
carbon fiber in the flanges and the double web design.
Therefore, the degree of orthotropy and behavior of
this beam may be different than that of more com-
mon FRP beams. In Hayes (Hayes 2003), a third order
laminated beam theory was derived to estimate the
amount of the warping effect for a series of standard
off-the-shelf wide-flange beams, I-beams, and box-
beams. Due to the lower degrees of orthotropy, the
magnitude of warping was estimated to be less than
that of the DWB, confirming that warping will have a
negligible effect on the measurement of kGA for most
FRP shapes.

On the other hand, the transverse compressive stiff-
ness depends on the amount of fiber oriented along
the transverse direction of the web panel(s), and since
off-the-shelf pultruded products typically utilize a
high volume fraction of continuous strand mat, the
compressive modulus will be less than that of the
DWB. For instance, Strongwell’s standard EXTREN®

beams have a transverse compressive modulus equal to
6.89 GPa (1 Msi), compared to the 14.8 GPa (2.15 Msi)
modulus of the DWB web panels (Strongwell 2000).
Therefore, the transverse flexibility effect will likely
be more pronounced in standard beams. Further study
is required to verify this hypothesis.

“Soft” core sandwich panels are an example of a
beam type structure with both low compressive stiff-
ness and low shear stiffness. Both the warping and
compression effects are expected to influence the mea-
sured shear stiffness. The low shear modulus of the
core will yield a very high degree of orthotropy, so
that warping effects may be much greater. In fact, the
decay length over which the warping effect occurs can
be many times the thickness of the panel or beam
[31]. Therefore, the error in kGA measurements is
likely to be even more pronounced in sandwich pan-
els. The magnitude and sign of the resulting error in
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the effective kGA will depend upon the strength of
these two competing effects.

5 CONCLUSIONS

The purpose of this study was to identify factors which
hinder accurate measurement of the Timoshenko shear
stiffness.This study considered in great detail the issue
of shear warping, which had been cited as a possible
cause for kGA measurement errors by several sources.
Specifically, an increase in the measured kGA value
was expected at shorter spans. It has been shown that
small changes or errors in the deflection measurement
can significantly affect the back-calculated kGA val-
ues. Furthermore, the FE analyses also suggest that
boundary conditions may play a role through non-
classical behavior effects. However, the effect of shear
warping was found to be negligible. This conclusion is
supported by analyses using the third order laminated
beam theory in Hayes (Hayes 2003).

The parametric studies in which the transverse
stiffness was varied revealed that transverse compress-
ibility has a significant local softening effect on a beam
and reduces the effective Timoshenko shear stiffness,
confirming the trend found in the finite element anal-
yses: a decrease in effective kGA with decreasing span
length. Furthermore, the boundary conditions and
loading conditions were shown to significantly impact
the back-calculated kGA by affecting the amount of
transverse deformation. The fact that transverse defor-
mation can have such a significant effect on the kGA
measurement represents a significant contribution to
the current understanding of the problem. Current
on-going research by the authors is aimed at predicting
this error using soft core sandwich theory.

REFERENCES

Allen, H. G. (1969). Analysis and design of structural
sandwich panels. Oxford, Pergamon Press.

Bank, L. C. (1987). “Shear coefficients for thin-walled
composite beams.” Composite Structures 8(1): 47–61.

Bank, L. C. (1989). “Flexural and shear moduli of full-section
fiber reinforced plastic (FRP) pultruded beams.” Journal
of Testing and Evaluation 17(1): 40–45.

Bank, L. C. and T. P. Melehan (1989). “Shear coefficients
for multicelled thin-walled composite beams.” Composite
Structures 11(4): 259–276.

Barbero, E. J., Fu, et al. (1991). “Ultimate Bending Strength
of Composite Beams.” Journal of Materials in Civil
Engineering 3(4): 292–306.

Barbero, E. J., R. Lopez-Anido, et al. (1993). “On the mechan-
ics of thin-walled laminated composite beams.” Journal
of Composite Materials 27(8): 806–829.

Bauchau, O. A. (1985). “A Beam Theory for Anisotropic
Materials.” Journal of Applied Mechanics-Transactions
of the ASME 52: 416–421.

Cosenza, E., F. Lazzaro, et al. (1996). Experimental Evalua-
tion of Bending and Torsional Deformability of FRP Pul-
truded Beams. Advanced Composite Materials in Bridges
and Structures, Montreal, Quebec.

Cowper, G. R. (1966). “The Shear Coefficient in
Timoshenko’s BeamTheory.” Journal ofApplied Mechan-
ics: 335–340.

Davalos, J. F., H. A. Salim, et al. (1996). “Analysis and design
of pultruded FRP shapes under bending.” Composites Part
B:Engineering 27(3-4): 295–305.

Dharmarajan, S. and H. McCutchen (1973). “Shear Coef-
ficients for Orthotropic Beams.” Journal of Composite
Materials 7: 530–535.

Fischer, S., I. Roman, et al. (1981). “Simultaneous Deter-
mination of Shear and Young’s Moduli in Composites.”
Journal of Testing and Evaluation 9(5): 303–307.

Frostig, Y., M. Baruch, et al. (1992). “High-Order Theory
for Sandwich-Beam Behavior with Transversely Flexible
Core.” Journal of Engineering Mechanics-Asce 118(5):
1026–1043.

Hayes, M. D. (2003). StructuralAnalysis of a Pultruded Com-
posite Beam: Shear Stiffness Determination and Strength
and Fatigue Life Predictions. Engineering Mechanics.
Blacksburg, Virginia, Virginia Polytechnic Institute and
State University.

Lopez-Anido, R. and H. V. S. GangaRao (1996). “Warping
Solution for Shear Lag in Thin-Walled Orthotropic Com-
posite Beams.” Journal of Engineering Mechanics 122(5):
449–457.

Madabhusi-Raman, P. and J. F. Davalos (1996). “Static
shear correction factor for laminated rectangular beams.”
Composites Part B:Engineering 27(3-4): 285–293.

Nagaraj, V. and H. V. S. GangaRao (1997). “Static Behavior
of Pultruded GFRP beams.” Journal of Composites for
Construction 1(3): 120–129.

Omidvar, B. (1998). “Shear coefficient in orthotropic thin-
walled composite beams.” Journal of Composites for
Construction 2(1): 46–56.

Restrepo, E. S. (2002). Determination of AASHTO Bridge
Design Paramters through Field Evaluation of the Rt.
601 Bridge: A Bridge Utilizing Strongwell 36 in. Fiber-
Reinforced Polymer Double Web Beams as the Main Load
Carrying Members. Civil and Environmental Engineer-
ing. Blacksburg, Virginia Polytechnic Institute and State
University: 164.

Schniepp, T. J. (2002). Design Manual Development for
a Hybrid, FRP Double-Web Beam and Characterization
of Shear Stiffness in FRP Composite Beams. Engineer-
ing Mechanics. Blacksburg,Virginia,Virginia Polytechnic
Institute and State University.

Sims, G. D., A. F. Johnson, et al. (1987). “Mechanical
and Structural Properties of a GRP Pultruded Section.”
Composite Structures 8: 173–187.

Strongwell (2000). EXTREN DWBTM Design Guide.
Teh, K. K. and C. C. Huang (1979). “Shear Deformation Coef-

ficient for Generally Orthotropic Beam.” Fiber Science
and Technology 12: 73–80.

Waldron, C. (2001). Determination of the Design Parame-
ters for the Route 601 Bridge: A Bridge Containing the
Strongwell 36 inch Hybrid Composite Double Web Beam.
Civil Engineering. Blacksburg, VA, Virginia Polytechnic
Institute and State University.

880



FRP Composites in Civil Engineering – CICE 2004 – Seracino (ed)
© 2005 Taylor & Francis Group, London, ISBN 90 5809 638 6

Strength and life prediction for a composite structural beam
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ABSTRACT: The purpose of this study was to develop a tool to assess the long-term durability of a particular
composite structural beam developed for the civil infrastructure market.The fatigue performance under transverse
loading is of particular interest.A global-local finite element stress analysis was utilized to examine the possibility
of both delamination and compression failures. The results of the analysis were compared with experimental test
data. Despite the appearance of a delamination failure, the predictions based on the assumption of compression
failure proved most successful. Next, a remaining strength approach was followed to predict the fatigue life of
the structure. The damage kinetics of the critical and sub-critical elements were modeled using coupon laminate
test data. Full-scale fatigue tests were conducted to validate the predictions.

1 INTRODUCTION

Composites are being considered for structural ele-
ments such as girders and deck panels in bridge con-
struction as lighter, more durable alternatives to steel
and concrete. However, the durability of FRP materials
in critical, load-bearing structures under the influence
of variable environmental factors is not well under-
stood. Most durability studies have been limited to
coupon-level testing, and the development of life pre-
dictions for structures based on the kinetics of damage
mechanisms in coupon specimens is rare. Further-
more, failure often occurs by buckling or delamination
as opposed to fiber fracture. Therefore, macro-level
coupon studies may fail to predict the ultimate fail-
ure at the structural level. Careful identification of the
competing failure mechanisms in the actual structure
is crucial to accurate strength and life predictions.

1.1 Background

The current study is motivated by the need to under-
stand and predict the performance of a particular struc-
tural member that has been developed for the infras-
tructure market. Strongwell Corporation of Bristol,
Virginia has developed a 91 cm (36 inch) deep pul-
truded double web beam (DWB) for use in bridge
construction (Figure 1). The beam is a hybrid lami-
nated composite, composed of both E-glass and carbon
fibers in a vinyl ester resin. The DWB is intended for
unsupported spans from 9.14 to 18.3 m (30 to 60 feet).

Virginia Tech collaborated with Strongwell, the
Virginia Department of Transportation (VDOT), and
the Virginia Transportation Research Council (VTRC)
to construct a bridge using the 36 inch DWB. The team
rehabilitated a short span bridge on Route 601 over

Figure 1. Strongwell’s 36 inch DWB (dimensions in inches).

Dickey Creek in Smyth County, Virginia with the 36
inch DWB.

Schniepp (Schniepp 2002) tested nineteen 36 inch
DWB’s to failure under four-point bending (Figure 2).
Tests were conducted on the 36 inch DWB at spans
ranging from 5.5 m to 17.7 m to capture any span
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Figure 2. Four-point bend test set-up for 36 inch DWB.

Figure 3. Failure of the compressive flange of a 36 inch
DWB.

dependence of the moment capacity. The test set-up
included two actuators located at roughly third points
with 23 cm (9 inch) long steel-reinforced elastomeric
bearing pads at both the supports and at the loading
points to reduce the severity of the load concentra-
tions. The failure mechanism was considered to be
delamination within the compressive flange (Figure 3),
initiating at the load patches. As reported by Schniepp
(Schniepp 2002), the shear load at failure followed
a linear dependence upon span length or aspect ratio,
suggesting that the failure is moment controlled. How-
ever, the moment to failure was also found to vary
with span.

The flange is relatively thick, and it is comprised
of both material and geometric discontinuities, which
generate high interlaminar stresses. The lay-up is pro-
prietary, but the flange can be represented as two
sub-laminates: the outer sub-laminate essentially con-
sists of alternating layers of unidirectional carbon tows
and glass fiber continuous strand mat (CSM), while
the inner sub-laminate is formed from half of the web
material and is basically a quasi-isotropic lay-up of
glass fibers only. Possible delamination initiation sites
include the free edge at the interface between the two
sub-laminates, where the innermost carbon ply is adja-
cent to a [0/90] glass fabric, or the inner flange taper.

1.2 Delamination

A brief overview of free edge problem and anal-
ysis methods was given by Senne (Senne 2000).
More exhaustive reviews can be found in (Kant and
Swaminathan 2000; Tahani and Nosier 2003). The ear-
liest work by Pipes and Pagano (Pipes and Pagano
1970) and others demonstrated the free edge effect in
which large interlaminar stresses can develop at the
free edge of a laminate at the interface between two
dissimilar plies. These stresses decay over some dis-
tance away from the edge (the “boundary layer”), and
if the loading is in-plane, the plane stress state pre-
dicted using CLT is recovered. The phenomenon is
due to mismatches in Poisson’s ratio and coefficients
of mutual influence between adjacent plies. Later work
revealed that the stresses can be singular at the free
edge (Pagano and Pipes 1971; Wang and Crossman
1977).

Large interlaminar stresses can also develop at
internal or external ply drop-offs. A review of analy-
tical and numerical modeling studies of ply drop-offs
and tapered laminates was given by He et al. (He, Hoa
et al. 2000). A number of studies have confirmed that
the interlaminar normal and shear stresses also control
failure in these situations and that singular stresses
occur in the corner regions of a “stepped” drop-off
(Wu and Webber 1986; Her 2002).

Stress-based criteria for delamination initiation
require accurate stress calculations and interlaminar
strength measurements, both of which can be difficult.
An alternate approach to strength prediction is to use
fracture mechanics concepts in which the nature of the
stress field around an existing crack tip is considered.
This energy based approach was not considered in the
current study due primarily to difficulties in measuring
the critical strain energy release rate (Hayes 2003).

1.3 Fatigue life prediction

Predictions developed for fatigue durability are most
commonly based on residual strength degradation. In
this approach, fatigue failure is assumed to occur when
the residual strength is equal to the applied stress. In
particular, Reifsnider and Stinchcomb (Reifsnider and
Stinchcomb 1986) postulated that remaining strength
is a state variable and can be used as a measure of the
damage. The remaining strength will depend upon the
load level and number of fatigue cycles (or time). In
general, the reduction in strength can be non-linear,
so that the sequence of damage events can affect the
length of life. The ability of this approach to cap-
ture such path-dependence is a distinct advantage over
linear type models such as Miner’s rule for metals.

In Reifsnider’s approach, the remaining strength of
a “critical element” governs the life of the entire struc-
ture. Examples of critical elements include the 0◦ plies
in a [0/90] laminate loaded axially or the boundary
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Figure 4. Residual strength approach to life prediction.

layer in a delamination problem. The remainder of the
material, e.g. the 90◦ plies, comprises the “sub-critical
elements”. Degradation of the sub-critical elements
serves only to redistribute the stress to the critical
elements, eventually causing ultimate failure of the
structure.

Using a non-linear kinetic/rate equation to describe
the damage processes in the critical element,
Reifsnider and his coworkers derived a strength evo-
lution integral which has been tested extensively for a
variety of problems and materials. This equation has
the form

where Fr is the normalized remaining strength, Fa is
the applied stress (or more generally, the failure func-
tion such as maximum stress, Tsai-Hill, etc.), τ is a
characteristic time which describes the damage pro-
cess, and j is considered to be a material constant.Thus,
the equation can be applied to creep or other time-
dependent processes. For the case of fatigue, τ = n/N ,
where n is the number of fatigue cycles and N is the
number of cycles to failure for the given Fa. Note
that as damage occurs in the sub-critical elements, the
stress level in the critical element increases, and Fa
increases with time or cycles.

To apply the strength evolution integral to predict
fatigue life, the fatigue S-N curve for the critical ele-
ment is required, along with stiffness changes in the
sub-critical elements due to fatigue cycles.

1.4 Summary

The first objective of this study is to identify the fail-
ure mechanism of the DWB. The second objective

is to predict the fatigue life of the DWB as tested
under transverse loading, using the remaining strength
and critical element concepts. Failure is hypothesized
to occur by delamination at either the free edge or
the inner flange taper. The possibility of compression
failure of the carbon fiber plies is also investigated.

2 STRENGTH PREDICTION: METHODS

Observations from the static failure tests by Schniepp
(Schniepp 2002), post-failure inspection of the beams,
and finite element analysis were used to attempt to
identify the controlling failure mechanism for the
DWB. The plausibility of compression failure was
investigated using a 3-D global FE model of the DWB.
To investigate the possibility of a delamination fail-
ure, a global-local FE solution was developed using a
successive sub-model approach. The use of local sub-
models allows a more detailed representation of the
regions, which is necessary when calculating interlam-
inar stresses. The free edge and flange taper regions
near the load patch were considered as potential “crit-
ical elements”. The critical stresses were expected to
be the interlaminar normal stress, σz , and the inter-
laminar shear stress, τxz where the x-axis is along the
beam’s length, the y-axis is across the width of the
beam, and the z-axis is through the depth of the beam,
in the direction of loading.

2.1 Finite element analysis

FE models of the DWB under four-point loading
geometry for spans of 9.14, 11.9, and 17.7 m (18, 30,
39, and 58 ft) were constructed in ANSYS®. The walls
of the beam were modeled using the SOLID46 ele-
ment, a 3-D 8-noded layered solid brick/continuum
element. Next, a sub-model was constructed to model
the local behavior of the flange under and near a load
patch. The free edge was idealized with perfectly flat
and uniform plies.

The procedure actually consisted of two sub-
modeling steps. In the first step, a small section of the
top flange centered at the edge of the pad was mod-
eled (EDGESUB1). The pad and plate volumes and
the applied pressure on the steel plate were included.
EDGESUB1 was meshed using solid 3-D elements
with each ply was modeled as a single layer of ele-
ments. Even greater mesh refinement using multiple
elements per ply is recommended to obtain accurate
interlaminar stresses, but this becomes computation-
ally intensive for very thick laminates as the DWB
flange.

In order to provide additional refinement at the
free edge, where gradients in stress are known to
be very large, a second sub-model, EDGESUB2,
was constructed. This sub-model was a 2.54 cm long
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Figure 5. FE submodel (TAPERSUB2) used in taper
analysis.

Figure 6. TAPERSUB3 used in the taper analyses.

by 2.54 cm wide by 2.62 cm thick (1 inch × 1 inch ×
1.032 inch) volume that could be positioned along the
free edge at any location of interest within the region
modeled using EDGESUB1. Submodel boundary con-
ditions were obtained from the nodel results along the
cut boundary as determined in the previous submodel
or model.

To assess the influence of thermal residual stresses
and to estimate the failure load, the thermal and
mechanical loadings were simulated separately. The
thermal only loading was modeled by applying the
change in temperature 	T = −205◦F (−114◦C) and
a very small load to the load patch. The mechanical
loading was modeled by applying 445 kN (100 kips)
per patch and setting 	T = 0. The two effects were
then combined via superposition.

A similar successive sub-modeling approach was
used to model the flange taper region (Figure 5 and
Figure 6).

2.2 Strength prediction

2.2.1 Compression failure
The maximum stress failure criterion was applied to
the outer carbon fiber ply in the top flange.The stresses

along the length of the beam were determined from
the appropriate global models for each test geometry
considered.The failure loads were predicted by scaling
the mechanical stresses and determining the load at
which Fa = 1.

Compressive strength data for the carbon/vinyl ester
plies were obtained by testing 26 specimens machined
from the outer flange sublaminate, which is composed
of carbon fiber and CSM. The Wyoming End-Loaded
Side Supported (ELSS) test method (Adams and
Finley 1997) was chosen due to its relative ease of
use. Classical laminate theory was used to back calcu-
late the carbon ply stresses at the failure load of each
specimen. The resulting strength was found to be low
relative to other available date (Lesko 1994; Verghese
1999).

2.2.2 Free edge delamination failure
Due to the sudden, catastrophic failure mechanism
observed experimentally, ultimate failure was defined
as the onset of delamination, as determined using the
Quadratic Strength Criterion:

Following the average stress approach of Whitney and
Nuismer (Whitney and Nuismer 1974) and Kim and
Soni (Kim and Soni 1984), the interlaminar stresses at
the free edge were averaged over a characteristic length
across the width of the flange. This length was taken
as the length over which the normal stress remains
tensile, e.g. from the free edge to the point that the nor-
mal stresses changes sign. Again, the average stresses
due to mechanical and thermal loading were superim-
posed, and the mechanical contribution was scaled to
obtain the predicted failure load at Fa = 1.

The interlaminar tensile strength Sz was taken from
the work of Williams et al. (Williams, Hayes et al.
2002), which utilized a tensile pull-off test method.
The interlaminar shear strength Sxz of the flange mate-
rial was estimated using the short beam shear (SBS)
three-point bending test coupled with FEA.

2.2.3 Taper delamination failure
A similar procedure was followed to assess failure
at the taper location. However, due to the strength
of the taper wedge singularities, the stress concen-
trations were observed to decay over a much larger
distance than the free edge singularity. In the free edge
problem, the free edge stresses can quickly change
magnitude and sign through the thickness of the lami-
nate as the ply properties or orientations change. In the
drop-off problem, all of the surrounding plies above
and below the geometric discontinuity experience
high stress levels. Therefore, the concept of volume
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averaging was utilized as an alternate means of pre-
dicting the strength. This concept also captures the
observed effect that delamination strength is depen-
dent upon the laminate thickness (O’Brien 1987), i.e.
delamination resistance is volume-dependent.

To volume average the stresses within a certain
radial distance of the taper’s end, the stresses from
each element were inserted into the Quadratic Strength
Criterion to calculate the element failure function Fa.
The product of Fa and the element volume for each
element were then summed, and the average Fa value
was obtained by simply dividing by the total volume
of the elements. The resulting failure function versus
distance is shown in Figure 8 for the 11.9 m case. The
data points were empirically fit with a power law curve,
which is the form of the stress concentration encoun-
tered in fracture mechanics.A length of 1.75 cm (0.688
inch), the thickness of the outer flange sub-laminate,
was chosen as the characteristic averaging length. This
length corresponds to about a 95% decay of the stress
concentrations.

3 STRENGTH PREDICTION: RESULTS

3.1 Compression

The predicted shear loads at failure for the compres-
sion failure mode are plotted against the experimental
data in Figure 7. Excellent agreement is found between
the FEA prediction and the experimental results, and
the span dependence of the moment capacity is also
captured. It is noted that the load patch causes a stress
concentration equal to approximately Fa = 0.12, an
increase of between 10 and 30% over the mid-span
stress level, depending upon the span.

3.2 Free edge delamination

At the primary carbon-glass interface, the normal
stress σz was observed to become tensile at a short
distance away from the free edge and then decrease to
a compressive (singular) value at the free edge. Aver-
aging over the tensile region, the maximum value of
σz (occurring just inside the pad) was very low: only
262 kPa (38 psi) for the 11.9 (39 ft) span length. Sim-
ilarly, the width-averaged shear stresses τxz and τyz
were found to be relatively low.

On the other hand, the FE results indicate very
high tensile normal stresses at the free edge in some
of the glass plies. For example, large interlaminar
normal and shear (τxz) stresses were observed at the
interfaces between the ±45◦ plies. Averaging over the
tensile region only, the average interlaminar normal
stress is 8.83 MPa (1280 psi). This high value sug-
gests failure may occur within the all-glass portion of
the flange (sub-laminate 2), contrary to experimental
observations.

3.3 Flange taper delamination

The maximum stresses at the taper were found to be
located just outside the load patch. A contour plot of
the interlaminar normal stress σz at the tip of the flange
taper is shown in Figure 9. The figure indicates stress
concentrations at not only the end of the taper, but
also at two locations within the all-glass inner sublam-
inate.These last two locations correspond to interfaces
between 0 and 45◦ plies.

Despite relatively good agreement at the 12.2 and
18.3 m (40 and 60 ft) spans, the predicted strength
at the 6.10 m (20 ft) span was in gross error of the
experimental results. Furthermore, the stress profiles
were found to be very sensitive to the characteristic
averaging length, which in turn was very sensitive
to the presence of residual thermal stresses. Addi-
tionally, high stresses were observed in the all-glass
region, although failure was never observed to occur
at this interface in the laboratory.The alternate, volume
averaging method yielded similar problems.
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Figure 9. Contour plot of interlaminar-normal stress σz in
the flange taper region.

3.4 Summary

The results of the failure analysis of the DWB sug-
gest that the failure in four-point loading occurs by
compression failure of the carbon fiber plies in the
top flange near a load patch. The high compressive
stresses, coupled with the relatively low measured
compression strength for the carbon fiber plies leads to
a relatively simple strength prediction. The evidence
for compression failure is further reinforced by the
span-dependence of the moment capacity.

While the failure has the appearance of a delamina-
tion event, the detailed analyses conducted in this study
do not support this hypothesized failure mode. The
free edge analyses at the 11.9 m (39 ft) span indicate
relatively small interlaminar stresses at the primary
carbon/glass interface. Furthermore, in both cases,
large interlaminar stresses were predicted within the
all-glass inner flange sub-laminate at a location not
consistent with the observed failure surfaces. Further-
more, the results of the delamination analyses are
considered inconclusive due to the sensitivity of the
free edge stresses to mesh refinement, lay-up, mate-
rial properties, and thermal effects, as well as the
considerable material variability in the actual beam.

4 FATIGUE LIFE PREDICTIONS

To develop fatigue life predictions for the DWB, the
global finite element model developed in the previous
sections was integrated into a code that accounts for
stiffness reductions with fatigue cycles due to matrix
cracking in the off-axis plies of the tensile flange
(sub-critical elements). Empirical expressions for the
stiffness reduction were taken from glass/vinyl ester
coupon data.The remaining strength of the critical ele-
ment, the carbon fiber in the top flange, was tracked
using the approach of Reifsnider et al. (Reifsnider and
Stinchcomb 1986).
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Figure 10. Estimated stiffness reduction curves extrapo-
lated from the dynamic stiffness data of (Post and Bausano
2003).

Only the outermost ply was tracked, as the outer
fibers experience the largest axial strain in bending.
The variation of Fa in the carbon fiber plies along the
length of the beam was recorded at each cycle, but the
maximum value near the load patch controlled failure.
The remaining strength of each critical element was
calculated using an iterative form of the remaining
strength evolution integral suggested by Case (Case
2003).

The fatigue life of the carbon fiber plies was taken
from fatigue data by Verghese (Verghese 1999) for the
case of notched unidirectional laminates comprised
of unsized carbon fibers in a vinyl ester matrix with
a volume fraction between 55 and 59% fatigued at
10 Hz and a load ratio R = −1 (tension-compression).
The data was fit to a log-linear form suggested by
(Reifsnider and Case 2002) and extrapolated to lower
stress levels (neglecting any endurance limit).

4.1 Off-axis stiffness reductions

Following the work of Senne (Senne 2000), stiffness
reduction due to matrix cracking was assumed to occur
only in the tensile flange and in the tensile sub-flange.
Furthermore, damage was only assumed to occur in
the off-axis uni-directional glass plies. Coupon level
stiffness reduction data for quasi-isotropic glass/vinyl-
ester laminates was obtained from Post et al. (Post and
Bausano 2003), as shown in Figure 10.

The data indicate a clear stress level dependence.
To apply the data, however, it is necessary to estimate
the ply-level stresses or failure functions Fa(ply) in the
off-axis plies which are degrading over time. Classi-
cal laminate theory and the maximum stress criterion
were used to back-calculate Fa(ply) as a function of
the laminate levels, Fa(lam). However, the CLT anal-
ysis indicated that the failure functions in the off-axis
plies of the test laminates were much than those of the
DWB. Therefore, the coupon level stiffness reduction
data was extrapolated to the lower stress levels.
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Using non-linear regression, the data was fit to
the following form, similar to that used commonly
in the area of visco-elasticity to model reductions in
mechanical properties caused by temperature changes
(Aklonis, MacKnight et al. 1972):

Ê is the normalized stiffness, which is a function
of the normalized life, n̂. The other parameters are
empirically fit.

The Fa(ply) values vary along the length of the
beam, because of the gradient in moment resultant. It
would be impractical to attempt to apply separate stiff-
ness reductions to each element, so a simpler scheme
was taken. The half-span length was divided into 10
zones, so that the change in strain in any given zone
was around 10%.The stresses for all elements in a zone
were averaged to obtain an average zone stress level,
and the appropriate extrapolated stiffness reduction
curve was applied.

This procedure was employed to generate a fatigue-
life (S-N ) curve for the DWB under the transverse
loading at the 11.9 m (39 ft) span length. Normal-
ized stiffness reduction curves for the effective bend-
ing modulus of the DWB were constructed using
the maximum deflection at mid-span for each cycle
increment.

4.2 Fatigue tests

Two DWB’s were tested in fatigue using MTS actuators
and control system. The first beam was tested in four-
point geometry with loads applied at the third points, as
in the static testing. The beam length was slightly over
12.2 m (40 ft). The beam was loaded to a maximum
deflection equal to 1.52 cm (0.6 inches), approxi-
mately two times the maximum predicted service
deflection in the Route 601 Bridge. The corresponding
load was 133 kN (30 kips) per actuator, which cor-
responds to about 30% of the ultimate static failure
load (94.5 kips). A load ratio of R = 0.1 and a fre-
quency of 1.1 Hz was used. The second beam was
loaded to approximately 60% of the ultimate failure
stress. A three-point loading geometry with a larger
890 kN (200 kip) actuator was necessary to apply the
higher load.

In both tests, stiffness reduction was monitored by
periodically interrupting the fatigue cycling to perform
quasi-static loading tests. During the quasi-static tests,
the axial flange strains were measured and the effec-
tive bending modulus was calculated. This yields the
change in the actual bending stiffness only, which is
slightly different than the change in effective bending
stiffness calculated using the FEA results.
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Figure 11. Predicted fatigue life curve, compared with
experimental data and coupon data (Verghese 1999).

4.3 Results

The resulting fatigue life curve for the 11.9 m (39 ft)
four-point test geometry is shown in Figure 11. The
results suggest that at the 133 kN (30 kip) load level,
failure is predicted to occur at 4.4 million cycles, while
the experimental test (indicated as a run-out in the
figure) was stopped 4.9 million cycles with no signs of
damage. The second beam tested at the 363 kN (81.6
kip) load level was predicted to fail at 32,000 cycles,
but the beam had not failed after 72,000 cycles.

The predicted stiffness reductions are quite small,
e.g. a maximum of only 0.5% at the 133 kN (30 kip)
load level. The result is that the stress level in the
critical element, the carbon plies, essentially remains
constant over the entire life of the beam. This fact
makes the life prediction trivial, as the cycles at fail-
ure can be estimated by simply determining Fa from
the stress analysis and picking off the cycles at failure
from the S-N curve for the carbon/vinyl ester ply.

It is important, however, to consider the effect of the
stress concentration on the fatigue life. A 30 to 45%
increase in the carbon ply Fa at the load patch may
decrease the fatigue life by one or two decades on a
logarithmic scale. Therefore, the use of beam theory
which cannot capture this effect will cause large errors
in the predicted fatigue performance.

5 CONCLUSIONS

A strength based approach to predict delamination
onset was followed in which average interlaminar
stresses at the critical locations were compared to the
interlaminar strengths using the Quadratic Strength
Criterion. Detailed finite element analysis of the free
edge, utilizing successive sub-models, did not indi-
cate failure at that location. The analysis of the taper
region was inconclusive, as the ply-averaged stresses
were found to be very sensitive to the definition of the
characteristic length.
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On the other hand, the predicted beam strengths
assuming compression failure in the carbon plies of
the top flange demonstrated excellent agreement with
the experimental data. In addition, this analysis was
able to capture the span dependence of the moment
capacity which was observed experimentally. There-
fore, despite the appearance of a delamination failure,
the analyses suggest that the actual failure mode is
compression.

Based on the assumption of compression failure, a
fatigue life prediction was conducted using a remain-
ing strength damage model. Stiffness reductions in the
off-axis plies of the tensile flange and sub-flange were
modeled using data extrapolated from coupon tests,
but the resulting change in the stress level of the crit-
ical element was negligible. Therefore, the life at a
given applied load level can be predicted simply by
determining the stress level in the carbon plies and
determining the corresponding cycles to failure from
the fatigue curve for the carbon/vinyl ester material.
The validity of the prediction has not yet been verified
due to limited fatigue test data.
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ABSTRACT: In this work, we describe our attempts to characterize and model the response of structural
composite materials subjected to fire loading conditions. Experimental and modeling results are presented for
E-glass/DERAKANE 510A composites subjected to compression loading with a one-sided heat flux. In addition,
shear compliance curves are presented a function of temperature to support the modeling of the compression creep
and strength response. Finally, we model the response of a structural composite bulkhead subjected to fire loading
conditions. Measured in-plane and out-of-plane responses are compared with those predicted using a finite ele-
ment analysis with temperature dependent material properties. Deficiencies in the modeling effort are discussed.

1 INTRODUCTION

As composites enter the civil infrastructure in the form
of repair, strengthening, decking and exposed struc-
tural members, the need for understanding how these
systems respond structurally to fire exposure becomes
necessary. As an example of how to account for fire
exposure on a structural system this paper addresses
some of the issues relevant to the structural response
of fiber reinforced polymer composite sandwich struc-
tures with balsa cores subjected to fire exposure.These
materials might be utilized in Navy deck house such as
floors and bulk-heads. As a general approach we seek
in this developing program to understand the physics of
fire damage in E-glass/vinyl ester material composite
systems. Ultimately, we seek to develop an understand-
ing of how these fundamental phenomena influence
structural behavior under fire exposure.

From a practical stand point, design engineers
have expressed concerns about the integrity of FRP
bridge structures exposed to fire. For buildings the
same has held true, however these has been some
guidance. The building community, when exam-
ining walls and columns strengthened with FRP
retrofits for seismic considerations, have relied on
the ASTM equivalents to the Uniform Building
Code (UBC) as a qualification for building materi-
als when considering fire. Specifically, the standards
for fire resistance (ASTM E119 = UBC 43-1), flame-
spread and smoke density (ASTM E84 = UBC 42-1)
and non-combustibility of building materials (ASTM
E136 = UBC 4-1) form the basis for selecting building
materials.

As of yet, there are no comprehensive codes, or
guidelines for specifying codes, concerning fire resis-
tance and structural integrity. This is with exception to
safety provisions in the ACI 440F code which requires
a new factored nominal moment larger than 1.2 dead
plus 0.85 live load to address structural integrity of
bonded repairs. More comprehensive and validated
guidelines will be required as routine use of these
materials is sought. Such provisions will be intro-
duced as the industry matures and other FRP housing
structures are designed and evaluated for routine use.

A considerable amount of work has been under-
taken to examine materials that do hold promise
under conditions of fire, e.g., the phenolic matrices.
Mechanics that describe the thermochemical and the
resulting mechanical properties have been expanded
over the years (first studied by Bumford et al., 1946).
This work has motivated examination of fire dura-
bility and mechanical integrity in anisotropic com-
posites (Griffis et al., 1981; Griffis et al., 1986;
Henderson & Wiecek, 1987; Milke & Vizzini, 1991;
McMannus & Springer, 1992a, 1992b; Caplan et al.
1996). Although the community still lacks a complete
description of relationships between polymer compo-
sition/microstructure and fire behavior (Sorathia et al.,
1996), some success at combining the thermochemical
processes to residual physical properties of composites
has been achieved.

Given the examination of the thermal-physical
nature of the material itself, there has also been
a considerable amount of work done to understand
the materials aspects of how polymeric composites
respond to fire in terms of heat of ignition, self
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extinguishing characteristics, and heat release rate
(Kinsella et al. 1997; Gibson et al., 1994). Yet with
these works together, little has been accomplished to
understand the effects of fire on the structural prop-
erties and how to model such effects. Thus, the main
feature of our current effort is the accurate combi-
nation of all aspects of the thermal and structural
problem. Thermal boundary conditions resulting from
a fire simulation (FDS) are used to define the residual
thermal-mechanical-damage response of the material,
and therefore the structural capacity during and post
fire can be predicted using the ANSYS analysis.

Again, this example analysis is conducted on a
quasi-isotropic E-glass fiber reinforced vinyl ester
polymer composite (12 mm thick face sheets) sand-
wich structures with balsa cores (end on 3” thick)
subjected to fire exposure much like the systems under
investigation for U.S. Navy deck house applications
(e.g. floors and bulkheads). The procedure and meth-
ods employed are applicable to other systems more
in line with civil applications given the availability
of property evolution information as a function of
temperature. Thus, we begin this discussion with the
details of thermal physical mechanical material prop-
erties for those material systems used in the study.
We then discuss the specific bulkhead structure, the
testing conducted and the subsequent modeling and
comparison of results.

2 VISCOELASTIC CHARACTERIZATION

In order to accurately describe structural response and
to predict local composite failure, it is essential that
we have an understanding of the viscoelastic response
of the material. To develop such an understanding, we
have been conducting short-term creep and recovery
tests on panels of a [±45]2S composite made using
Derakane 510A and Saint-Gobain/Vetrotex 24 oz./yd3

E-glass woven roving (using the VARTM process).
The results of such tests, conducted at shear stress
of 1.38 MPa, are shown in Figure 1. We may then
reduce the results and create a shear creep compliance
master curve, as illustrated in Figure 2 (using stan-
dard principles of time–temperature superposition).
The corresponding temperature shift factor plot is then
given in Figure 3.

3 ONE-SIDED HEAT FLUX TESTS

The motivation for conducting this test is to charac-
terize the response of a composite exposed to a worst
case scenario.The test combines elevated temperatures
with mechanical loading. The mechanical loading was
a constant compressive load. Compression was cho-
sen because the matrix polymer is highly dependent

Figure 1. Shear creep strain at a shear stress of 1.38 MPa.

Figure 2. Shear creep master curve for E-glass/
DERAKANE 510A.

Figure 3. Temperature shift factor plot for E-glass/
DERAKANE 510A.

on the temperature and dominates the compression
and buckling failure modes. That is, the compression
properties are affected more by elevated temperatures
than are fiber dominated tensile properties. Also many
applications of composites are subject to compressive
loading situations and investigations into the mecha-
nisms of there response and collapse under combined
loading must be determined.
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Figure 4. Combined thermal and mechanical loading setup.

3.1 Test description

The test was performed using multiple load applica-
tors (thermal and mechanical), and was instrumented
to record various test parameters over the duration of
the test. The samples were 6.4 mm thick and were
machined to approximately 100 mm long by 25 mm
wide. Samples were subjected to compressive stress
levels from 20 to 100 MPa, while also being exposed
to a steady heat flux of 5 to 30 kW/m2. The samples
were first gripped longitudinally in a servo – hydraulic
testing frame, exposing a 50 mm gage length. A con-
stant compressive load was then applied to the sample.
After the compressive load was ramped to its final
constant value, an IR strip heater manufactured by
Research Inc. applied a constant heat flux to one side
of the sample as depicted in Figure 4. The IR heater
uses a quartz lamp and a parabolic reflector to pro-
duce an approximately uniform heat flux. The samples
were painted black with a high temperature mani-
fold paint to achieve an absorptivity of approximately
0.95. Multiple gages and probes were used to monitor
and control the test. Front (side exposed to the heat
flux) and back side temperatures were recorded using
small gage K-type thermocouples that were adhered
to the surface using a dot of a standard epoxy. The
applied heat flux was monitored and recorded using a
Vatell HFM7-E/H heat flux gage that was mounted to
the side of the sample. To achieve a constant applied
heat flux, the gage was monitored during each run;
if the heat flux drifted the power to the lamp was
adjusted accordingly to keep the heat flux as stable
as possible. The strains on the back side of the sample
were measured with a non-contact laser extensome-
ter manufactured by Fiedler Optoelektronik GmbH of
Germany, over a gage length of approximately 45 mm.
The laser extensometer used two reflective strips
placed on the sample as references for the strain mea-
surement.A standard 89 kN load cell was used to mon-
itor the applied mechanical loads. All data channels
were wired into a National Instruments Multiplexor
Data Acquisition System, the system allowed for the
real time monitoring of the variables and storage of
the data.

Figure 5. Experimental temperatures and strain.

Figure 6. Heat flux versus time to failure for a sustained
compressive stress of 57 MPa.

3.2 Test results

Results for a typical one-sided heat flux test that was
conducted at constant heat flux of 5 kW/m2 and com-
pressive stress of 57 MPa is presented in Figure 5.
At time 0 seconds the heat flux was applied and the
front and back face temperatures began to increase.
For the first 250 seconds the specimen expanded due to
the increases in temperature, which can be seen from
the positive increase in strain in Figure 5. After 250
seconds the elevated temperature distribution of the
specimen induced significant stiffness loss. The strain
began to decrease due to this stiffness loss. Once the
strain began to decrease, small wrinkles started to form
on the surface exposed to the heat flux. The strain con-
tinued to decrease until the specimen ultimately failed.

The influence heat flux level has on times to failure
was examined. Multiple samples were tested under the
same compressive stress of 57 MPa, but the heat flux
was varied form 5 to 20 kW/m2. As expected the times
to failure decrease as the applied heat flux is increased
(Figure 6). The samples exposed to the higher heat
fluxes reach elevated temperatures faster and there-
fore become more compliant quicker which resulted in
quicker failures.The times to failure steadily increased
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Figure 7. Times to failure vs. compressive stress.

as the heat flux was lowered from 20 to 10 kW/m2,
but at 5 kW/m2 the time to failure increased by a fac-
tor of 7. The samples tested at the higher heat fluxes
continued to increase in temperature throughout the
experiment but, the sample tested at 5 kW/m2 achieved
thermal equilibrium. This suggests that the failure of
the sample that was tested at 5 kW/m2 failed due to
creep, not just temperature effects.

The effect of the stress level had on the times to fail-
ure of specimens exposed to a heat flux of 5 kW/m2

was investigated and the results are shown in Figure 7.
As the applied stress in increased the failure times
decrease.

4 STRUCTURAL RESPONSE MODELING

The final portion of our effort has been devoted to inte-
grating our knowledge of material property changes
into a structural analysis package to describe the
behavior of structural composites subjected to fire. As
an example, we consider a 2.7 m × 4.3 m (9 ft. × 14 ft.)
interior bulkhead with stiffeners loaded at the top edge
(6000 lbs./ft.) and exposed to a UL 1709 profile in
a vertical furnace. The bulk-head and the stiffeners
consist of a 90 mm (3.5”) balsa core sandwiched by
6.4 mm (1/4”) composite panels. Placed on the sur-
face of the structure exposed to the temperature profile
are two layers of 15.9 mm (5/8”) Structo-gard insula-
tion. On the test article are a total of 34 thermocouples
and three deflection meters. Fourteen thermocouples
were placed on the unexposed composite surface with
varying degrees of additional insulation to simulate the
effect of material placed against the wall (Figure 8),
and are not germane to this analysis.

Seven thermocouples are used to obtain a tem-
perature profile through the bulkhead. Four are
placed at the interfaces (insulation/insulation, insula-
tion/composite, and two balsa/composite), two are on
the outer wall surfaces, and a seventh is located in the

Figure 8. Bulkhead test article and associated
instrumentation.

Figure 9. Temperature profile in the bulkhead as a function
of time.

Figure 10. Thermocouple locations.

center of the balsa core. The temperature profiles at a
variety of times are shown in Figure 9.

Note that the thermocouple located at the exposed
insulation surface did not produce a reading, and the
mean oven temperature is used instead. As heat trans-
fer into the wall is due to both radiation and convection,
this is almost certainly an overestimate of the wall tem-
perature. This chart demonstrates the efficacy of the
insulation and that the peak temperature moves into
the structure as the test proceeds.

Thirteen thermocouples are used to obtain a tem-
perature profile in the balsa/composite stiffener as
illustrated in Figure 10. These thermocouples are
arrayed vertically as well as through the thickness of
the structure. The temperatures measured by thermo-
couples 29–33 remain at room temperature throughout
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Figure 11. Thermocouple readings at first composite/balsa
interface and insulation/insulation interface.

the course of the test. Thermocouples 22, 23, 25, 34,
and 28 are approximately analogous to the bulkhead
thermocouples. However, the temperatures measured
in these locations are very different from the bulkhead
measurements. Examples are shown in Figure 11.

4.1 Model

The finite element model produced in ANSYS is
slightly simplified from the true geometry. Specifi-
cally, the wedge of balsa/composite at the connection
between the bulkhead and the stiffener is not included.
This is done to reduce the number of elements in
the model and thus the time required to generate
results. The bottom of the structure is fixed in the
three translational degrees of freedom. The free ver-
tical edge is allowed to move unconstrained. Load is
applied through a ‘stiff ’ plate attached to the top of
the structure and constrained to move only in the verti-
cal direction. Material properties used in the modeling
were discussed above in Section 1a. The creep behav-
ior of the constituents is not included in the model due
to lack of data.

4.2 Model results and comparison

Two primary results from the model are tempera-
ture distributions and displacements. The temperature
distributions are similar to those measured experi-
mentally, but still differ from measured results by
approximately 20–30% for the insulation/insulation
interface with increasing error as the distance into
the structure increases. Figure 14 shows the experi-
mental and FEA results for temperatures at various
locations within the structure. The results from the
two dimensional joint model were similar to those
of the stiffened bulkhead model. The reason for the
differences between the measured temperatures at the
two locations within the structure remains unknown.
The displacement at the center of the structure is

Figure 12. Experimental and analytical displacement at
bulkhead center.

Figure 13. Out-of-plane displacement.

shown in Figure 12. Again, there is some difference
between the magnitude of the measured and the model
results however the shape/trend and direction appear
to be comparable. Figure 13 shows the out-of-plane
displacement as a function of time.

5 SUMMARY AND CONCLUSIONS

In this paper, we have presented an overview of our
efforts to model the response of structural compos-
ites subjected to mechanical and fire loading. As part
of this effort, we have characterized the shear creep
behavior of these composites. This information will
ultimately feed into the modeling of the response in
the one-sided heat flux tests, as well as the struc-
tural response. In addition, we have presented our
initial efforts at modeling the response of a structural
bulkhead subjected to fire loading. Results for pre-
dicted temperatures are in relatively good agreement
with measurements; the predicted displacements do
not agree as well. We suspect that some of the discrep-
ancy may be due to viscoelastic response that has not
(to date) been included in the analysis.
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Figure 14. Experimental and analytical temperatures.
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ABSTRACT: A new fiber reinforced polymer (FRP) building system is under investigation that attempts to
mitigate high material costs and improve building performance through the integration of structural, architectural,
and physical functions into single components, while at the same time offer an effective fire resistance system.
The system employs internal water-cooling. The concept has been blended with the well-established under-floor
heating techniques to create a fire resistance system that can be used for climate control under normal conditions.
This paper presents the behavior of components of the system that are currently being investigated through a
variety of fire exposure experiments. Our experiments show that pultruded GFRP laminates are vulnerable under
ISO-834 fire conditions, the temperature gradient is very steep through the thickness, and the fire-resistance
effect of charring of the resin is insignificant. Liquid cooling was demonstrated to be an efficient way to improve
fire-resistance of pultruded GFRP components.

1 INTRODUCTION

Today, fiber-reinforced polymers (FRPs) are used in
building construction primarily for the strengthening
of girders, columns and masonry walls. There is also,
however, some interests in the use of these materials for
load-carrying structures of buildings. The favorable
characteristics of FRP materials can lead to substantial
innovations in building construction. Fiber reinforced
materials are characterised by a high specific strength.
Glass fiber reinforced polymers (GFRPs) have the
added benefit of a low thermal conductivity. The high
specific strength results in thinner structural elements
and therefore a lower mass of inertia, which is favor-
able in high-risk earthquake zones. Due to their low
thermal conductivity, GFRP load carrying compo-
nents can act as insulating elements, in addition to
their structural function. Furthermore, GFRP elements
can be translucent or transparent and come in a large
range of colors. The possibility of integrating differ-
ent functions into individual building components can
allow the load-carrying structure to be merged with
the facade into a single-layer load-carrying building
envelope. This re-opens for architects the lost concep-
tual and structural possibilities of the “Bauhaus” or
modern architectural style.

This new function-integrated envelope concept was
developed at the CCLab on two projects – the Eye-
catcher Building and the Dock Tower project, both
situated in Basel, Switzerland (Keller 2002). As these
projects showed, for FRP buildings, the main challenge

is to provide a sufficient fire resistance of the
FRP load-carrying components. For the Dock Tower
project, a concept for building components (walls and
floors) was developed which integrates the following
functions: structural support, fire resistance and cli-
mate control.The load-carrying components consisted
of a cellular FRP structure with exterior face sheets
and interior webs. The fire safety would be ensured by
liquid cooling. By circulating water through internal
cells of the wall and floor panels, the energy from a
fire would be transferred through the FRP composites
and into the relatively cool water.

This concept and design provides fire protection of
structures and buildings through three mechanisms.
The first mechanism is that, at the beginning of
fire, circulating water increases the thermal mass of
the component by taking away heating energy from
the fire-affected area. If the first mechanism is not
sufficiently effective, a second mechanism will be trig-
gered. As fire continues and the temperature of the
FRP rises to a level that causes boiling in the water
(and if this really happens), large amounts of energy
will be used to change the state of the water from liquid
to gas. This latent energy stored in the water vapour
will be carried away from the heated areas by its natu-
ral buoyancy and by the flowing water. Under severely
uncontrollable fire, if the inner face sheets were dam-
aged, a third mechanism will be triggered: the water
in the internal cells will run out, providing assisting
fire-fighting measures; while the outer face sheet and
vertical stiffeners provide necessary structural load
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carrying capability. In addition, this system of fire pro-
tection can be used for climate control. Under normal
conditions, by regulating the temperature of the water
in circulation, the air temperature in the rooms can be
controlled and, therefore, is perfectly suited to heating
and cooling a building.

The rationale for such a building construction sys-
tem originates from three sources: (1) Water-cooled
steel structures: numerous buildings worldwide have
been constructed using exposed structural steel tubes
with water filling as the fire protection system (Bond
1975). (2) FRP sprinkler pipes: recent research on the
exposure of filament-wound glass-reinforced pipes to
hydrocarbon fires suggests the survivability of FRP
materials at high temperatures by water cooling. Fail-
ure times of approximately 2 minutes resulted for the
empty condition, approximately 10 minutes for the
stagnant condition, and greater than 120 minutes for
the flowing condition (Davies et al. 1999). (3) Under-
floor heating and cooling systems: for decades, net-
works of water pipes have been embedded in concrete
to provide comfortable, efficient and architecturally
liberating climate control.

To demonstrate the feasibility of the proposed
concept of FRP fire resistance by liquid cooling,
experiments on GFRP laminates, small-scale unloaded
liquid cooled cellular GFRP components and large-
scale loaded liquid cooled cellular GFRP components
were performed. This paper reports the results from
experiments on fire behavior of GFRP laminates and
small-scale unloaded liquid cooled cellular GFRP
components.

2 CHARRING EXPERIMENTS ON GFRP
LAMINATES

2.1 Experiment details

The goals of the charring experiment (CE) on GFRP
laminates were to measure the temperature profile
through the thickness of the specimen over time, to
observe the high-temperature behavior, and to examine
the effect of charring on laminates’ fire behavior.

The specimens under investigation were cut from
DuraSpan® 766 bridge deck (MMC 2002). The glass-
reinforced polyester section is produced by the pultru-
sion process and consists of two face sheets separated
by webs (Fig. 1). The cellular panels have been ini-
tially designed and fabricated for rehabilitation and
new construction of bridge decks. Recently, the inter-
est of modifying and applying this kind of cellular
panel as wall and floor elements for building construc-
tion is growing. Therefore, this study focuses on this
kind of cellular panel system. The basic element of
the cellular panel is the trapezoidal dual-cell profile,
which is formed through a pultrusion process. E-glass
fibers in forms of rovings and mats were used as the

Figure 1. Origin of specimens.

Figure 2. CE specimen with thermocouples slots.

reinforcement and isophthalic polyester was used as
the resin. The dual-cell profiles are bonded together
by polyurethane adhesive to form the panel.

The fiber weight fraction of the pultruded GFRP
cellular panel is 62%, which was obtained by burn-off
tests. The E-glass has a softening temperature (Ts) of
around 830◦C. The E-glass/polyester composite was
further investigated through dynamic mechanical anal-
ysis (DMA) and thermogravimetric analysis (TGA).
The DMA data showed a glass transition temperature
(Tg) of 117◦C. From TGA tests, the decomposition
temperature (Td) of 300◦C was determined for the
material.

The dimensions of the specimens were 32.5 ×
41.0 cm, which included one adhesively bonded joint.
The top face sheet and the bottom face sheet are differ-
ent in fiber lay-up and thickness due to the structural
design and the pultrusion process.Therefore, two types
of specimens were obtained: type ‘A’ for the bot-
tom sheet and type ‘B’ for the top sheet as shown in
Figure 1. The average thickness is 16.1 mm for Type A
specimens and 17.3 mm for Type B specimens.

Thermal couples were installed in the specimens
for temperature recording. In order to install the ther-
mocouples within the thickness of the face sheets,
40 × 2.5 mm slots were cut into the cold faces. Using
a computer-piloted router, two slots were cut at each
depth of 3.8, 7.6, 11.4, and 15.2 mm from the cold
face. Figure 2 provides an overview of a specimen
with slots. After an exploratory burning experiment
on one laminate, two more groups of specimens (four
for each group) were prepared and tested, referred as
groups CE01 and CE02 respectively. Type A speci-
mens were used for group CE01, and type B specimens
were used for CE02.Thermocouples were placed at the
bottom of the slots and on the cold faces of the speci-
mens. Sikadur® 330, a two-part epoxy adhesive, was
mixed with powdery grindings of the specimen to fill
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Figure 3. Horizontal oven with CE specimens and cus-
tom-built concrete cap.

in the slots over the thermocouples. The adhesive was
allowed to cure at least 24 hours. The thermocouples
have an accuracy of ±2.2◦C or 0.75% of the measured
temperature.

The specimens were placed in the four exposure
windows of a small horizontal oven (Fig. 3) and ther-
mally loaded according to the ISO-834 temperature
curve. The burners were automatically controlled by
a computer, which read the oven temperature from
the six internal thermocouples and adjusted the inten-
sity of the burners to follow the ISO-834 temperature
curve as closely as possible. The first specimens were
removed from the oven after 15 minutes, the second at
30 minutes, the third at 45 minutes, and the fourth at
60 minutes. Temperatures where measured by 10 ther-
mocouples on and within each specimen, as well as
by 6 thermocouples in the oven. Pictures were taken
throughout the duration of the experiments.

2.2 Experiment observations

The progression of damage to the hot face seemed
to have proceeded in stages. In the first stage occur-
ring in the first 9 minutes, the surface was heated past
its decomposition temperature and turned to black as
the resin decomposed (Fig. 4-a). The next stage began
as the fuel created by this decomposition was com-
busted until roughly 2 minutes later when the fuel was
exhausted. A third stage, also roughly 2 minutes in
duration, followed as decomposition continued to a
deeper level (Fig. 4-b) and the scoured fibers near
the surface began to turn to a whitish char. A final
fourth stage began with the flaming combustion of
gases from the decomposition occurring deeper within
the laminate. This phase continued for the remainder
of the experiment, as the reinforcement layers closer

Figure 4. Fire behavior of the hot face of the CE specimens.

to the surface turned to the whitish char and the resin
at deeper levels was decomposed (Fig. 4-c).

The persistence of flaming combustion suggests
that no steady-state condition was reached and that
the entire thicknesses would have eventually been con-
sumed. The whitish char that remained was only the
char from the burnt fibers. The black char from the
resin did not remain on outermost reinforcement lay-
ers, and appeared only as a kind of powdery fiber
coating on the deeper layers. It did not seal the sur-
face or close the gaps between the fibers to prevent
the escape of decomposition gasses from the deeper
level. Thus, there was no significant fire-resisting
effect from the charring of the resin. The burnt-
out reinforcement layers, however, provided some
level of protection by blocking the radiation of the
oven and reducing the ablative effects of the exhaust
system.

During the experiment, the hot faces of the speci-
mens showed varying levels of damage depending on
the location (Fig. 5). While the area towards the cen-
ter was the most severely damaged on the hot faces,
the opposite was true on the cold faces. This was due
to the uneven distribution of oven temperature: the
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Figure 5. Hot faces of CE specimens.
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Figure 6. Temperatures through the thickness of GFRP
panels (numbers such as “0.8” indicate the distance to the
hot face).

locations close to the burners have higher temperatures
than those far from the burners.

Figure 6 shows the temperature profiles within the
laminate thickness. It indicates a direct correlation
between thickness of material and temperature. The
differences between curves of similar depth ranges

show the extreme sensitivity of depth of measure-
ment to temperature, as the temperature gradient is
extremely steep through the thickness.

During the CE experiments, debonding of the
polyurethane joint was evident in one of the eight
specimens. It would be prudent to expect no strength
from bonded joint of this type at elevated temperatures
under fire exposure. It was also observed that viscous
liquid slowly bubbled up through cold face of speci-
mens. This was due to the releasing of liquid styrene
monomer at elevated temperatures.

3 SMALL-SCALE UNLOADED LIQUID
COOLING EXPERIMENTS

3.1 Experiment preparations

Small-scale unloaded liquid cooling (LC) experiments
continue the investigation into the behavior of a GFRP
section exposed to high temperatures. Following the
investigations where the cold face was cooled by natu-
ral convection of ambient air in experiments described
in Section 2, the LC experiments have been con-
ducted to observe the thermal behavior of the same
material when cooled by flowing water. All variables
were kept as constant as possible in the three LC
experiments except the water flow rate, which varied
from 0.16 m3/hr to 4.00 m3/hr. The temperature pro-
files measured in both the CE and LC experiments will
be used to calibrate the heat transfer of the theoreti-
cal model which is being developed to solve the heat
transfer problem. In addition, the small-scale experi-
ments were helpful in discovering and resolving the
issues that would be encountered in the large-scale
experiments. With the threat of hundreds of liters of
water suddenly pouring into the 1000◦C large oven
facility during the large-scale experiments, the LC
experiments provided a lower risk method to verify
the safety of the procedures for both the people and
the equipment.

Specimens for liquid cooling (LC) were sections
from the pultruded cellular GFRP panel as shown
in Figure 1. Specimen dimensions and instrumenta-
tion of thermal couples for LC experiments are shown
in Figure 7. To obtain the distance of thermal cou-
ples to the cooling face, one subtracts the slot depth
shown in the figure from the total thickness (17.3 mm).
The dimensions of the specimens were chosen to be
0.32 × 1.13 m so that two full deck cells would be
included and that the specimens would fit on the test
furnace. Three specimens were prepared for LC exper-
iments, hereafter referred as LC01, LC02, and LC03.
The Type B sheet side was exposed to fire for the LC
specimens during the experiments.

In order to measure the temperature gradient
between the oven interior and the flowing water, ther-
mocouples were placed throughout the thickness of
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Figure 7. Thermocouple layout for LC specimens.

the lower flange (Fig. 7). This was accomplished by
routing slots from the interior face (cold face), which
necessitated the cutting of access holes in the top
flange. As the thermal performance of the top flange
was not under study, the cutting of the holes had lit-
tle effect on the experimental performance. When the
machining was completed and the thermocouples were
installed, the holes were sealed by bonding thin FRP
plates to the interior face of the top flange. In an
attempt to maintain the thermal continuity in the vicin-
ity of the temperature readings, the slots that were cut
to receive the thermocouples were refilled using a mix-
ture of the previously mentioned epoxy adhesive and
a powder made by grinding down other samples of the
deck material.

Figure 8 shows the experimental setup for liquid
cooling experiments. Water was supplied by either the
standard or the high-pressure fire plumbing of the test
laboratory, depending on the required flow rate. The
water passed through a calibrated and certified dig-
ital flow rate meter (accurate to 0.001 m3/hr) before
entering the specimens. Special pipe elbows that sus-
pended thermocouples amidst the flowing water were
placed just above the inlet and outlet couplings. An
analog graphic recorder plotted water inlet and outlet

Figure 8. Setup for liquid cooling (LC) experiments.

temperatures versus time. An analog manometer was
also installed just above the outlet coupling to observe
the water pressure within the specimen for the high-
flow experiment. After passing through the specimen,
water passed through approximately 25 m of 2.5 cm
diameter rubber hose to a drain. A second outlet cou-
pling was installed for the high-flow experiment to
reduce the internal pressure. For the low-flow experi-
ment, the end of the outlet hose was elevated 0.5 m
above the specimen to maintain a positive pressure
within. Summarizing, the path of the water was there-
fore: inlet hose → flow rate control valve → flow rate
meter → inlet thermocouple → interior of specimen
Cell A → interior of specimen Cell B → manometer
→ outlet thermocouple → outlet hose.

3.2 Experiment proceedings

The first experiment, LC01, was conducted at a modest
flow rate of 0.800 m3/hr (or 1.0 cm/s water velocity
in cell A or B). The second experiment, LC02, was
conducted at a rather high flow rate of 4.000 m3/hr (or
5.0 cm/s), which is five times the flow rate of LC01.
The third experiment, LC03, was conducted at a very
low flow rate of 0.160 m3/hr (or 0.2 cm/s), which is
one-fifth the flow rate of LC01.

The experiments began with the circulation of water
at the desired flow rate for approximately 10 min-
utes. This time permitted the water and the specimen
temperatures to stabilize before the fire loading. Time
began with the firing of the oil burners. The burners
were automatically controlled by a computer to follow
the ISO-834 temperature curve. Oven and specimen
temperatures were automatically logged every 60 sec-
onds by a central digital unit, while water temperature
was continuously recorded by a graphical unit. Notes
and photos were taken through the observation window
of the oven.

In each of the experiments, two criteria were set to
ensure safety: that water must not leak into the fur-
nace and that the water must not approach boiling.
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To enforce the first criterion, the limit was set that
none of the four thermal couples 4–5 mm below the
cold face of the burning flange could approach the
decomposition temperature and were thus limited to
200◦C (100◦C below Td). This ensured that a mini-
mum of 4 mm of material would remain to contain the
water. The second criterion was enforced by limiting
the temperature of the water at the outlet to 70◦C to
ensure the safety of experiment personnel. Fortunately,
neither of these criteria was needed for any of the
experiments. Taking caution in the first experiment,
LC01 was stopped after 90 minutes, though neither
of the limits had been exceeded. Gaining confidence
from the post-experimental evaluation of the LC01
specimen, LC02 and LC03 were both run for a full
120 minutes, which corresponds to the code-maximum
endurance time required of structural components for
most categories of buildings.

3.3 Experiment observations

The hot faces of the three specimens differed signi-
ficantly from those of the charring experiments. The
surface damages of LC specimens were different from
the CE experiments, in which the charring of resin
was not observed. For LC specimens, the cooling water
lowered the temperature on the cold face, which helped
the resin close to the cold face to form char during the
decomposition process.

On the hot sides of LC specimens, the glass rein-
forcement appeared to have first melted and then
drooped down directly into the burner flames. From
there, it was completely oxidized into a sort of
lightweight, brittle, foam-like char and eventually fell
away (Fig. 9). For the LC03 specimen (which had
the lowest flow rate), the lower flange was reduced to
roughly one-half of its original thickness of 17.3 mm
(Fig. 10). Large quantities of charred glass reinforce-
ment were found at the bottom of the oven. For the
LC01 specimen (which had the medium flow rate),
more flange thickness was retained and less material
was found at the oven bottom. For the LC02 speci-
men (which had the highest flow rate), it appeared that
only the first of the four unidirectional roving layers
was oxidized in this manner and nearly no material
was found at the bottom of the oven.

In LC experiments, no debonding of the polyurethane
joint was observed during the burning process.

3.4 Heat transfer to water

Using the recorded input and output temperatures of
the flowing water, the amount of energy removed from
the specimens by liquid cooling can be approximated.
Taking a linear approximation of the change in temper-
ature (T, ◦C) versus time (t, minute) curves, we obtain

Figure 9. Reinforcing roving layers drooping down and
oxidizing (LC experiment).

Figure 10. Post-fire hot face of LC03 specimen.

the following functions:

The change in temperature is related to energy
absorbed through the equation:

where H (kJ) is the energy required to change a mass
m (kg) of material with specific heat capacity Cp
(kJ/(kg · ◦C) by 	T degrees. Because varies with time,
an average change in temperature, 	TAVG, will be
used. Thus, Eq. (4) becomes:

The value of 	TAVG is found by integrating the change
in temperature with respect to time and then dividing
by the total time:

Evaluating this equation for = 120 minutes and substi-
tuting into equation (5) we obtain:
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If we assume that for LC02, 	TAVG ≈ 2◦, the accuracy
of the measurement, we find:

As expected, the amount of heat transferred to the water
increased as the flow rate increased. This is explained
by two factors. The first is that the convection heat
transfer coefficient increases with increasing water
flow rate. The second is that the water remained cooler
as the flow rate increased, which maintained a larger
temperature gradient between the materials and thus a
higher rate of heat transfer. This verifies that, within
the range of water flow rates used, increasing the flow
rate increases the cooling effect.

4 DISCUSSIONS

4.1 Damage to hot faces

The hot faces of the LC specimens appeared to be
more severely damaged than the CE specimens. This
is due to two factors: the exposure time and geometri-
cal shape of the specimens.The most harshly tested CE
specimens were exposed to 1 hour of the ISO tempera-
ture curve, while LC specimens continued for another
30–60 minutes.The geometric differences were also an
important factor because of the drooping effect in the
reinforcement layers. In the charring experiments, the
specimens were small rectangles that were supported
on all edges. This meant that the layers of reinforce-
ment were less likely to droop down after the resin
was removed and the glass was melted. The LC spec-
imens, in contrast, were only supported on the short
ends and were approximately 3.5 times longer than the
LC specimens. This configuration made the reinforce-
ment layers more susceptible to the drooping behavior
(due to dead load from self-weight and the contained
water inside the cells). As each layer sagged and fell
down, the radiation shielding that it provided was lost
and the damage was allowed to penetrate further.

4.2 Temperature profiles

The comparisons of through-thickness temperatures
for LC specimens and CE02 specimens are shown
in Figure 11. The LC specimens remained substan-
tially cooler than the CE specimens. This effect is
most prominent towards the cold faces, the greatest
differences registering at the cold faces themselves.
This effect was more pronounced as the exposure time
increased.While the curves all appeared similar during
the first 5 minutes, the cold faces differed by ∼200◦C
at 60 minutes.
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Figure 11. Comparison of liquid cooling (LC) experiments
to charring experiments (CE) [the numbers before mm
indicate the distance to the hot face].

In Figure 11, comparing the steep slope of the
“CE02 – Cold face” curve to the relatively flat “LC0X
– Cooling face” (X = 1, 2, 3) curves, it is likely that
this discrepancy would have augmented even further
with additional exposure of time. The “CE02-8.4 mm”
and “LC01-8.1 mm” curves represent the middle of
the thickness of CE02 laminates and the burnt sheet
of LC01 respectively. It is seen that, without cooling,
the temperature at the middle of CE02 laminates could
surpass the decomposition temperature within 20 min-
utes. With liquid cooling, the half of LC01 burnt sheet
did not exceed the decomposition temperature at 55
minutes. More significantly, the temperature of the
cold face of CE specimens exceeded theTg of the mate-
rial at 10 minutes; while for liquid cooled specimens,
none exceeded the Tg even at the end of experiments
on the cooling faces.

Figure 12 shows the temperature distributions
through the thicknesses of the CE specimens and the
burnt side of the LC specimens, where the tempera-
ture at a certain distance to the hot face is an average
value from all measurements on all specimens (eight
specimens for a CE curve and three specimens for a
LC curve).
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The “LC02-13.4 mm” curve in Figure 12 shows
that, at about 4 mm from the cooling face, the tem-
perature was still below Tg after 120 minutes. Since
the total sheet thickness is 17.3 mm, the above results
suggest that liquid cooling could allow more than 20%
of material to provide structural resistance after two
hours of exposure to ISO-834 fire conditions.

Figure 12 also shows that at 5 minutes, the CE
and LC specimens had similar temperature distribu-
tions through the thickness. As the time of exposure
to fire grew, the temperature distribution difference
also grew. After 30 minutes, the temperature in more
than half of the thickness of CE specimens exceeded
the decomposition temperature. It is also interesting
to compare the temperatures 12.3 mm to hot face (or
5 mm below the cold face) in Figure 12. The temper-
atures of the LC specimens were still below the glass
transition temperature after 60 minutes, while those
of the CE exceeded this limit in less than 8 minutes.
Therefore, a significant gaining of liquid cooling for
fire-resistance of FRP structures has been obtained.

5 CONCLUSIONS

The following conclusions can be drawn from the char-
ring experiments and the small-scale liquid cooling
experiments:

1. No significant fire resistant effect from the charring
of the resin was observed for the pultruded GFRP
laminates.

2. Temperature gradient is very steep through the
thickness of pultruded GFRP laminates.

3. Following the ISO-834 curves, the pultruded GFRP
laminates started decomposition and burning after
8–9 minutes during the CE experiments. The per-
sistence of flaming combustion suggests that no
steady-state condition was reached and that the
entire thicknesses would have eventually been con-
sumed.

4. In the small-scale unloaded liquid cooling experi-
ments, water cooling has been demonstrated to be
an effective way of improving fire-resistance of pul-
truded GFRP components. Temperatures within the
lower flanges of the specimens remained signifi-
cantly lower in the liquid cooling experiments than
in the charring experiments.

5. The cooling effect improved with increased flow
rates. The liquid temperature was always far below
boiling temperature for up to 120 minutes at very
low flowing rate. Liquid cooling for fire resistance
of FRP structures only requires low to moderate
flowing rates (0.2–1.0 cm/s).

ACKNOWLEDGMENT

The authors would like to thank the Swiss National
Science Foundation and Martin Marietta Composites
for supporting this research. Testing facility and tech-
nical support from EMPA, Dübendorf, Switzerland,
are greatly appreciated.

REFERENCES

Bond, G.V.L. (1975). Fire and steel construction- Water
cooled columns. Steel Construction Institute,Ascot, Berk-
shire, UK.

Davies, J.M., Dewhurst, D.W.(1999). The fire performance
of GRP pipes in empty and dry, stagnant water filled,
and flowing water filled conditions. In: Composites in
Fire, Proceedings of the International Conference on the
Response of Composite Materials to Fire (Edited by Gib-
son, A.G.), Reprinted in 2001 by Woodhead Publishing
Ltd., Cambridge, UK: 69–84.

Keller, T. (2002). Fiber reinforced polymers in building
construction. International Association for Bridge and
Structural Engineering (IABSE), Symposium Towards a
Better Built Environment, Melbourne, Australia.

MMC. (2002). DuraSpan fiber-reinforced polymer bridge
deck systems. Martin Marietta Composites, Raleigh, USA.
(The documents is available online at http://www.martin
marietta.com/Products/DuraspanV1.pdf, 14/08/2004)

904



FRP Composites in Civil Engineering – CICE 2004 – Seracino (ed)
© 2005 Taylor & Francis Group, London, ISBN 90 5809 638 6

Temperature effect on bonding and debonding behavior between
FRP sheets and concrete

Z.S. Wu, K. Iwashita & S. Yagashiro
Ibaraki University, Urban & Civil Engineering, Japan

T. Ishikawa & Y. Hamaguchi
The Japan Aerospace Exploration Agency (JAXA), The Institute of Space Technology and Aeronautics

ABSTRACT: Generally, epoxy resin will be softened and its bond capacity will decrease remarkably under
a high temperature environment near to or higher than the glass transition temperature (Tg) or deflection tem-
perature under load (HDT) of epoxy resin. This paper summarizes a series of investigations for confirming
the temperature effect on bonding behavior between fiber reinforced polymers (FRP) sheets and concrete. An
experimental program is designed by using prism specimens subjected to a direct tensile load. The temperature
around the concrete prism and the types of epoxy resin are considered as the experimental parameters. The
experimental results are exploited to determine the debonding fracture energy (Gf ), failure mode, and effective
bonding length (Le) of the test specimens. It is observed from results that the value of Gf decreases and Le
increases largely at temperatures near to or higher than Tg or HDT. Moreover, the newly developed epoxy resin
presents higher temperature-resistance behavior than ordinary epoxy resin.

1 INTRODUCTION

Recent studies have reported a variety of fiber rein-
forced polymers (FRP) premature debonding prob-
lems (Wu et al, 2000a, 2000b, 2001). Moreover, FRP
bonding properties under different severe environmen-
tal conditions are still an important issue that should
be addressed. In these circumstance, this paper aims
at investigating clearly the bonding behavior of car-
bon fiber reinforced polymers (CFRP) sheets bonded
to concrete under a high temperature environment
over 30◦C.

Generally, epoxy resin is softened and its bond
capacity decrease under temperatures higher than glass
transition temperature (Tg) or deflection temperature
under load (HDT). Accordingly, an interface between
FRP and concrete can also fail under temperature near
to or higher than Tg and HDT. In this paper firstly,
a series of experimental investigations are summa-
rized.Then, the effect on bond strength is characterized
by conducting the relationship between environmental
temperature and maximum bond strength. Beside this,
a concept based on nonlinear fracture mechanics is
proposed to discuss the debonding mechanism under
different environmental temperatures and to evaluate
the bond behavior of FRP sheets. Finally, a bond capac-
ity of a newly developed thermo-resistant epoxy under
temperature near to or higher than Tg and HDT is

investigated, and a relationship between bond capac-
ity and environmental temperature is found expressed
clearly.

2 MATERIALS PROPERTIES AND
THERMO-TOLERANCE OF
EPOXY RESINS

CFRP sheets present many advantages such as high
tensile strength and high stiffness-to-weight ratio as
shown in Table 1. However, the tensile strength is not
displayed often due to premature debonding between
FRP sheet and concrete. Thermo-tolerance capacity of
epoxy is characterized by Tg and HDT (See Table 2).
These values are investigated and calculated based on

Table 1. Summary of material properties.

Carbon fiber sheets
Guarantee tensile strength (MPa) 3400
Nominal modulus of elasticity (GPa) 235
Nominal design thickness (mm) 0.128

Ordinary epoxy resin
Guarantee tensile strength (MPa) 51.9
Nominal modulus of elasticity (GPa) 3.43
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ISO standards (1993a, 1993b, 1999). The value of
Tg means a critical temperature when epoxy softens
and its tensile stiffness decreases by the influence of
the temperature. The value of HDT means a temper-
ature when a specimen is bended. It is observed that
Tg and HDT values of the newly developed thermo-
resistant epoxy are about 10◦C higher than the values
of ordinary epoxy as shown in Table 2.

Table 2. Summary of material properties.

Curing
Type of epoxy condition Tg (◦C) HDT (◦C)

Ordinary epoxy 80◦C 3hour 38 48
60◦C 3hour 34 43

Ordinary primer 80◦C 3hour 42 *
60◦C 3hour 34 *

Thermo-resistant 80◦C 3hour 38 55
epoxy 60◦C 3hour 40 57

Thermo-resistant 80◦C 3hour 46 68
primer 60◦C 3hour 55 76

*HDT of ordinary primer is not measured.
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Figure 1. Detail of CFRP sheet-concrete bonding joints (Double-lap shear test).

3 EXPERIMENTAL PROGRAM

In accordance with the experimental method of JSCE
Recommendations for Upgrading of Concrete Struc-
tures with Use of Continuous Fiber Sheets (JSCE,
2000), prism specimens with 450 mm long are used
in these investigations. The details of the prism spec-
imens are schematically shown in Figure 1. CFRP
sheets are bonded to both sides of the concrete block
along the axial direction. A tensile load is applied by
pulling both ends of the steel rod embedded in the con-
crete block, on which CFRP sheets are bonded. The
steel rod is cut off at the position of the notch (Pre-
crack). Before bonding of CFRP sheet, the concrete
surface preparation is treated with a diamond sander,
and an epoxy primer is painted after wiping with cloth
soaked with acetone. In this investigation, Instron 8502
series fatigue testing machine was used. And a 100 kN
load cell is used to measure the load acting on the spec-
imen and a SVDT attacked on the test machine is used
to measure the displacement of the specimens. The
arrangement of wire strain gages to measure CFRP
strains is shown in Figure 1. A cup oven is used to
maintain the temperatures of prism specimens. The
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temperatures in the cup oven are raised with a rubber
heater and maintained with an aluminum sheet, paste-
board and sponge rubber (Figure 2). Testing of prism
specimens with ordinary epoxy resin were conducted
in the cup oven at temperature levels ranging from
26◦C to 50◦C while testing of specimens with thermo-
resistant epoxy resin were conducted in the cup oven at
temperature levels ranging from 26◦C to 60◦C. Before
applying the load, each specimen was kept under the
test temperature for at least 6.5 hours.

4 EXPERIMENTAL RESULTS AND
DISCUSSIONS

Figure 3 show the debonding propagating process, and
Figure 4 and Figure 5 show the load–displacement

Cup oven

Temperature control
device

Data rogger

Figure 2. Details of the tensile test under different
temperatures.
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CFRP sheets

2. Macro-debonding formation (10–20 mm)
3. Debonding propagation (Ultimate state)

4. Final debonding

Concrete blocks

Effective bonding length (50-100 mm)

Figure 3. Debonding propagating process.

relationships of specimens with both ordinary and
thermo-resistant epoxy resins under different temper-
atures. At first, micro-debonding initiate at the tensile
end of bonded FRP sheets.The micro-debonding prop-
agates gradually and as a result macro-debonding
occur. Once macro-debonding area is formed about
20–30 mm, debonding propagates toward to the free
end of bonded FRP sheet. Finally, a final FRP
sheet debonding occurs when debonding propagation
reaches a critical location. And the maximum applied
load and elastic modulus decrease gradually with tem-
peratures ranging from 26◦C to 60◦C. The distance
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Figure 4. Load–displacement curve (Ordinary epoxy).
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Effective bond length
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Figure 5. Load–displacement curve (Thermo-resistant
epoxy).

from this critical location to the free end of bonded
FRP sheet is considered being effective bonding length
about 50–100 mm. The debonding behavior is nearly
same for both specimens used ordinary epoxy and
thermo-resistant epoxy. The results of prism tests are
investigated for the determination of interfacial frac-
ture energy (Gf ), average bond strength (σbs), failure
mode, and effective bonding length (Le). Gf and aver-
age bond strength are calculated from eq. (1) and
eq. (2) respectively as given below [3,4].

where P is the maximum transferable force in CFRP
sheet; Ef , b and t are modulus of elasticity, width
and thickness of CFRP sheets respectively. The aver-
age bond strength σbs and interfacial fracture energy
Gf of bonded FRP sheet by using both ordinary and
thermo-resistant epoxy resins decrease approximately
in direct ratio with temperatures ranging from 26◦C to
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Figure 6. Average bond strength under different
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Figure 7. Interfacial fracture energy under different
temperatures.

60◦C (Figure 6 and Figure 7). Generally, the minimum
value of Gf for normal bending situations under nor-
mal temperature condition (26◦C) can be identified
to be 0.5N/mm from a lot of prism tests of CFRP
sheets [3,4]. Therefore here Gf = 0.5 N/mm is used
as a criterion value. Gf for specimens by using ordi-
nary epoxy under temperature 40◦C which is higher
than Tg (=38◦C) is lower than the minimum value
(=0.5 N/mm) under normal temperature 26◦C.

Meanwhile, Gf for specimen by using thermo-
resistant epoxy under temperature which is higher than
Tg (=46◦C) is lower than the minimum value. It is
observed that two epoxy resins under temperatures
higher than Tg and HDT start softening and deflection.
However, the newly developed epoxy resin has higher
thermo-tolerance of debonding. By investigating the
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Figure 8. Different debonding modes along CFRP-concrete interface.

detail debonding location and situations, debonding
failure in appearance can be classified into three
modes such that debonding mode “A” has debond-
ing along interface between epoxy and primer, and
debonding mode “B” has debonding along interface
between epoxy and primer and with partial fracture
of cement mortar, while debonding mode “B” has
debonding within interfacial concrete layer with par-
tial fracture of coarse aggregate, but it is similar to the
case “C” roughly (Figure 8). Debonding modes in tem-
peratures lower than Tg and HDT were partially “B” or
“C” and in temperatures higher than Tg and HDT were
almost “A” are found clearly (Table 3). Figure 9 and
Figure 10 show strain distribution of specimens with
ordinary epoxy resin along the fiber direction under
temperature about 26◦C and 40◦C. The strain distribu-
tion of specimens with thermo-resistant epoxy about
26◦C and 50◦C are shown in Figure 11 and Figure 12.
In accordance to the reference [1,2], effective bonding
length is defined as the distance from the pre-crack
of prism specimen to the position where 97% strain
of the value at the pre-crack is occurred. Figure 13
shows the effect of temperature on effective bonding
length of specimens. It is observed that the effective
bonding lengths in temperatures about 26◦C are longer
than those under temperatures higher thanTg and HDT
(Figure 13).

Table 3. Results of CFRP-concrete bonding test.

Temperature Debonding
Type of epoxy (◦C) No. mode

Ordinary epoxy 20 1 B
20 2 B
20 3 C
30 1 C
30 2 B
30 3 A
40 1 A
40 2 A
40 3 A
50 1 A
50 2 A
50 3 A

Thermo-resistant 20 1 C
epoxy 20 2 B

20 3 B
30 1 A
30 2 A
30 3 C
40 1 A
40 2 A
40 3 A
50 1 A
50 2 A
50 3 A
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Figure 9. Strain distribution along bonded CFRP sheet for a specimen by using ordinary epoxy resin (26◦C).
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Figure 10. Strain distribution along bonded CFRP sheet for a specimen by using ordinary epoxy resin (40◦C).
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Figure 11. Strain distribution along bonded CFRP sheet for a specimen by using thermo-resistant epoxy resin (26◦C).
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Figure 12. Strain distribution along bonded CFRP sheet for a specimen by using thermo-resistant epoxy resin (50◦C).
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Figure 13. Effective bond length under different temperatures.

5 CONCLUSIONS

Based on the results of this experimental study, the
following conclusions are obtained:

1. Maximum applied load and elastic modulus
decrease gradually with temperatures ranging from
26◦C to 60◦C. Average bond strength σbs and inter-
facial fracture energy Gf of bonded FRP sheet
by using both ordinary and thermo-resistant epoxy
resins decrease approximately in direct ratio with
temperatures ranging from 26◦C to 60◦C.

2. The value of Gf becomes lower than 0.5 N/mm
under temperatures from 40◦C for the ordinary
epoxy resin while this critical temperature increases
to 50◦C for the thermo-resistant epoxy resin.

3. The debonding modes under temperatures lower
than Tg and HDT are normally “B” or “C” while
the debonding modes under temperatures near to or
higher than Tg and HDT turn to be almost “A”.

4. The effective bonding lengths of CFRP sheets
get longer with increasing FRP–concrete interface
temperatures.
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Durability of reinforced concrete structures with externally bonded
FRP sheets

T. Shimomura & K. Maruyama
Nagaoka University of Technology, Niigata, Japan

ABSTRACT: This study focuses on long-term performance of reinforced concrete structures with externally
bonded FRP sheet, which is carbon or aramid textile bonded with epoxy resin. Laboratory tests were carried out
to investigate the durability aspect of concrete member retrofitted with FRP sheet. It was experimentally verified
that the FRP sheet can reduce chloride ingress into concrete. Diffusivity of chloride ions in the layer of FRP sheet
was identified by the numerical analysis of the test results. It was clarified that FRP sheet can improve mechanical
performance of deteriorated concrete members due to reinforcement corrosion and associated concrete crack.
Consequently, retrofit of FRP sheet is effective to improve durability, i.e. to extend service-life, of existing
concrete structures.

1 INTRODUCTION

In the last ten years, upgrading of existing concrete
structures by externally bonded fiber reinforced plas-
tic (FRP) sheet has been increasingly adopted in Japan
(JCI 1998, JSCE 2001, Ueda et al 2001). Continuous
fiber sheets, which are carbon or aramid fiber tex-
tiles, are bonded on the surface of existing concrete
structures with epoxy resin. The principal purpose of
this upgrading technique is to improve mechanical
performance of existing concrete structures, namely
load-carrying capacity and ductility. Therefore, most
of research projects on FRP sheets so far were based
on this point of view.

However, durability of concrete structures with FRP
sheet has not yet been well clarified. Though resid-
ual service-life of the upgraded structure is often
discussed in practical design, there has been no ver-
ification method for its durability. Considering this
situation, this study focuses on durability of concrete
structures with FRP sheet.

Since epoxy resin has originally very low perme-
ability, FRP sheet bonded on concrete surface can pro-
tect concrete from ingress of aggressive agents, such
as chloride ions, and consequently extend service-
life of the structure. Permeability test of reinforced
concrete (RC) specimens with FRP sheet was car-
ried out to examine the effectiveness of FRP sheet
to reduce chloride ingress into concrete, as well as
to increase mechanical performance. Diffusion coeffi-
cient of chloride ions within FRP sheet was quantified
from the test results and the numerical analysis.

On the other hand, FRP sheet is normally applied
on existing structures under service. In most studies,

sound concrete structures are considered without
any fatal material deterioration. However, in actual
existing concrete structures, material deteriorations,
such as reinforcement corrosion or associated con-
crete crack, have been sometimes induced before
retrofitting FRP sheet. In order to investigate the influ-
ence of reinforcement corrosion on strengthening of
RC member by FRP sheet, uniaxial tensile tests of RC
specimens were carried out in this study. Reinforce-
ment corrosion and corrosion crack were induced in
the laboratory. Tensile behavior of RC specimens with
FRP sheet was examined.

Finally in this study, numerical simulation of per-
formance of concrete structures after retrofitting FRP
sheet is demonstrated as a function of time based on
the knowledge obtained from the experiments.

2 DIFFUSIVITY OF CHLORIDE ION IN FRP
SHEET WITH EPOXY RESIN

2.1 Outline of experimental study

It is difficult to measure the diffusivity of aggres-
sive agents, such as chloride ions or water, within
the layer of epoxy resin on the surface of concrete
under the normal condition because epoxy resin has
very low permeability and may hardly allow chloride
ingress. Therefore, the electrical permeability test was
employed (Shimomura et al 2004).

Cylindrical concrete specimens shown in Figure 1
were used in the test. Twelve specimens, whose experi-
mental parameters are water-cement ratio of concrete,
thickness of concrete cover and wrapping of carbon
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Figure 1. Cylindrical specimen for permeability test.

Table 1. Conditions of specimens.

Specimen W/C of Thickness of FRP sheet
no. concrete (%) cover (mm) wrapping

1 60 45 No
2 60 45 Yes
3 60 70 No
4 50 45 No
5 50 45 Yes
6 50 70 No
7 40 45 No
8 40 45 Yes
9 40 70 No
10 30 45 No
11 30 45 Yes
12 30 70 No

3% NaCl solution

Copper plateCopper plate

Specimen

DC supplyData logger

Water bath

	 �

Figure 2. Setup for chloride permeability test.

FRP sheet on the surface, were tested. Testing condi-
tions of the specimens are indicated in Table 1.

Setup for the permeability test is shown in Fig-
ure 2. Constant electric voltage of 30V was applied to
the specimen in NaCl solution. Time-dependent direct
current penetrating the concrete was measured.

2.2 Test results

Concrete cracks were generated in the specimens 1
and 4 around 100 hours by corrosion of reinforcements
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Figure 3. Accumulated electric current of the specimens
until 90 hours.

in concrete. Electric resistance of concrete cover was
suddenly lost after cracking. In order to compare
permeability of all the specimens under the unified
condition, therefore, accumulated electric current until
90 hours is taken as an index for permeability of
specimen as shown in Figure 3.

Comparing the obtained accumulated electric cur-
rent without FRP sheet in Figure 3, it is clear that
permeability of concrete decreases with decreasing of
water-cement ratio and increasing of thickness of con-
crete cover. These tendencies are very reasonable. In
cases that FRP sheet is attached on the surface of con-
crete, accumulated current became very small in spite
of water-cement ratio of concrete. It is verified that
the system of FRP sheet and epoxy resin is effective
as a surface insulator against ingress of materials into
concrete.

2.3 Numerical analysis of transport of chloride

The authors have developed a computational model
for the transport process of water and chloride ions
in concrete based on pore structure of concrete and
thermodynamic behavior of water in porous media
(Shimomura and Maekawa 1997, Shimomura and
Maruyama 2000). Mass conservation equations of
water and chloride are respectively expressed as
follows:

where, w = mass concentration of water per unit con-
crete volume, t = time, and Jv and Jl = mass flux of
vapor and liquid water respectively, CClt = total mass
concentration of chloride per unit concrete volume,
JCldif = mass flux of chloride by molecular diffusion
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Diffusivity: Dcf
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Figure 4. Profile of mass concentration of chloride near the
boundary.

and CClf = mass concentration of free chloride. The
last term in Equation (2) expresses mass flux of chlo-
ride ions carried by liquid water that can be obtained
from the moisture transport analysis.

It is necessary to execute coupling analysis of water
and chloride to evaluate transport of chloride in non-
saturated concrete in the atmosphere. However, in case
of saturated concrete, molecular diffusion is domi-
nant as transport mechanism of chloride in concrete.
The mass flux of chloride by molecular diffusion is
formulated as:

where, KCl = non-dimensional material factor of
concrete as a function of its pore structure,
DCl = diffusivity of chloride ion in liquid water.

Mass flux of chloride by molecular diffusion at the
boundary surface is formulated as:

where, CClf (0) = mass concentration of free chloride
in concrete at the surface, Vo is porosity of concrete,
Cext is mass concentration of chloride in external solu-
tion and hCl is thickness of boundary-layer for mass
concentration of chloride, in which local gradient of
mass concentration of chloride is developed as shown
in Figure 4.

When FRP sheet is bonded on the surface of con-
crete with epoxy resin, mass flux of chloride through
the sheet is calculated as:

where, Dcf = diffusion coefficient of chloride ion
in the layer of FRP sheet and epoxy resin and
tcf = thickness of the layer of FRP sheet and epoxy
resin. Profile of mass concentration of chloride near
the boundary is schematically shown in Figure 4.

FRP sheet

Cylindrical specimen Analytical model

Surface of
reinforcement

Cl-

Figure 5. Numerical analysis of transport of chloride ion in
cylindrical specimen.
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Figure 6. Correlation between the experimental and the
analytical results.

2.4 Evaluation of diffusion coefficient

Diffusion processes of chloride in the cylindrical
concrete specimens that were used in the electric per-
meability test were analyzed by the proposed diffusion
model. Finite differential method was employed to
solve the governing equations numerically (Figure 5).

Material parameters for concrete were determined
based on the previous study (Shimomura and Maekawa
1997). The driving force in the experiment is the
gradient of electric potential, while the driving force
assumed in the computational model is the gradient of
chloride concentration. Though they are different phe-
nomena in fact, these two transport phenomena may
have some correlation with each other since they are
both transport phenomena of ions in concrete. Hence,
before discussing permeability of FRP sheet, the cor-
relation between the experiment and the analysis is
verified using the results of the specimens without FRP
sheet (Figure 6).

Figure 6 shows the relationship between the exper-
imental and the analytical results performed in this
study. Accumulated electric current until 90 hours (Q)
is taken as the index of the experimental result, while
mass flux of chloride in the steady state (J ) is taken
as the index of the analytical result. It is clear that
the experimental results (Q) and the analytical ones
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Table 2. Diffusion coefficient of FRP sheet.

Specimen W/C of Experimental Dcf

no. concrete (%) Q (Ahr) (×10−14 m2/s)

2 60 0.56 2.29
5 50 0.68 2.99
8 40 0.28 3.03

11 30 0.13 4.69

(J ) have good correlation in spite of water-cement
ratio of concrete and thickness of concrete cover. This
result implies that the hypothesis on the correlation
between the experiment and the analysis is correct. In
Figure 6, an empirical equation between the experi-
mental results (Q [Ahr]) and the analytical ones (J
[kg/m2/s]) is indicated.

It is assumed that this empirical correlation may be
adapted to the specimens with FRP sheet. Then, dif-
fusion coefficient of FRP sheet can be determined by
trial and error so that the obtained analytical result (J )
and the experimental result of the specimen (Q) satisfy
the empirical equation. In the analysis, the thickness
of FRP sheet (tcf ) was set 1 mm.

The diffusion coefficients of FRP sheet, which were
obtained by this method from the experimental results
of the specimens with FRP sheet, are shown in Table 2.
Close values were obtained from the four specimens.
The obtained diffusion coefficient of FRP sheet was
approximately 3 × 10−14 m2/s.

3 STRENGTHENING RC MEMBER WITH
REBAR CORROSION BY FRP SHEET

3.1 Outline of experimental study

Figure 7 shows the dimensions of reinforced concrete
specimens with and without continuous fiber sheet
(Shimomura et al 2003). Conditions of specimens are
given in Table 3. The 100 × 100 × 1000 mm concrete
prismatic specimens with single deformed steel bar
(φ19 mm) in their center were prepared. After cast-
ing of concrete, specimens were wrapped with wet
cloths and had been kept in the laboratory room for
four weeks.

After four weeks of curing, the specimens RC3 and
RC4 were exposed to the electrolytic corrosion test.
The test setup is shown in Figure 8. Only the corrosion
length of the specimen, which is 800 mm at the middle
of the specimen, was placed in a 3% NaCl solution,
while the rest part of the specimen was kept out of the
solution to ensure anchorage of the reinforcement at

1000 100

100

100

80

Specimens RC1 and RC3

Specimens RC2 and RC4

Deformed bar (φ19)

Concrete

unit: mm

Continuous fiber sheet

Anchoring sheet
Casting direction

100

Figure 7. Specimens for uniaxial tensile test.

Table 3. Condition of specimens.

Specimen Corrosion FRP sheet

RC1 No No
RC2 No Yes
RC3 Yes No
RC4 Yes Yes
Bare bar A No –
Bare bar B Yes –

Corrosion length 800mm

+  - DC supply

Copper plate

Specimen

3% NaCl
solution

Water bath

Data logger

Figure 8. Test setup for electrolytic corrosion test.

the ends of specimen by avoiding corrosion. Constant
direct current of 0.7A was provided by a DC supply
with an embedded reinforcement as an electrode.

The corrosion test was continued until the cumu-
lative current reaches the target value, which was set
according to the previous test data (Matsuo et al 2001)
so that the average corrosion in the corrosion length is
about 1 mg/mm2. In fact, longitudinal corrosion crack
was observed at one of the concrete surface in both
specimens after the electrolytic corrosion test. Actual
amount of corrosion were measured by weight of the
reinforcements taken out from the concrete after the
loading tests. Electrolytic corrosion test of bare steel
bar specimen B was also carried out with the same
amount of cumulative current.
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Figure 9. Test setup for uniaxial tensile test.

Carbon FRP sheets were bonded on the two side
surfaces of the specimens RC2 and RC4 as shown in
Figure 7.The sheets on RC4 were bonded just after cur-
ing of concrete, while the sheets on RC4 were bonded
after the electrolytic corrosion test. One of the sheets
on RC4 was bonded just over the longitudinal cor-
rosion crack that had been induced by the corrosion
test. Before bonding the sheets, the concrete surface
was chipped and coated with a primer. Thereafter, the
continuous fiber sheets were bonded with an epoxy
resin.

As shown in Figure 7, anchoring sheets of 100 mm
width were wrapped in both ends of the specimen to
avoid delaminating of the longitudinal sheets from the
ends. Aramid FRP sheets were used as the anchoring
sheets because of their high flexibility.

The test setup for the uniaxial tensile test is shown
in Figure 9. Tensile force was applied in the vertical
direction in order to avoid eccentric load due to gravity
as much as possible. Average strain of specimen was
calculated from displacements measured with LVDT
at the upper and bottom ends of the specimen. Local
strains of continuous fiber sheets were measured with
strain gages attached every 50 mm. Monotonic ten-
sile force was applied. Tensile tests of the bare bar
specimens A and B were also performed with this test
setup.

3.2 Formulation

At an arbitrary section of a uniaxial specimen, applied
force is carried by reinforcement, concrete and FRP
sheets:

where, P = applied force, Ps(x) = force carried by
reinforcement at section x, Pc(x) = force carried by

Ps (reinforcement)

Pcf (sheet )

Pc (concrete)

RC member with sheet
P=Ps+Pc+Pcf

Average strain ε

Load P

0

Figure 10. Load-sharing in RC member retrofitted with
FRP sheet.

concrete at section x and Pcf (x) = force carried by FRP
sheets at section x. Ps(x), Pc(x) and Pcf (x) vary with
respect to x because of concrete cracks and delaminat-
ing of sheets due to loading. By integrating Equation
(7) with respect to x from the one end of the speci-
men to the other and dividing it by the length of the
specimen, we obtain:

where, Ps = average force of reinforcement, Pc =
average force of concrete and Pcf = average force of
FRP sheets. By dividing Ps, Pc and Pcf by correspond-
ing cross sectional areas, we obtain average stress of
reinforcement, concrete and FRP sheet in RC member
respectively.

Figure 10 illustrates the state of load sharing of
reinforcement, concrete and sheet in a RC member
with FRP sheet. In the conducted uniaxial tensile tests,
applied force (P) and average strain (ε) of specimens
were measured.

When the reinforcement is not yielding at any
points, average force of reinforcement (Ps) is given by:

where, As = cross sectional area of reinforce-
ment, Es = elastic modulus of reinforcement and
εs = average strain of reinforcement. The products
of cross sectional area and elastic modulus of rein-
forcement (AsEs) in both corroded and non-corroded
specimens were determined based on the tensile tests
of bare steel bars. The results are shown in Table 4.

The amount of corrosion in the specimens RC3 and
RC4 indicated in Table 4 were directly measured from
the reinforcements taken out from concrete after the
loading tests. As these measured amounts of corro-
sion were found to be close to that of the bare bar B,
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Table 4. Mechanical properties of reinforcement.

Corrosion AsEs Yielding As
(mg/mm2) (kN) force (kN) (mm2)

Bare bar A 0 54500 97.8 286.5*
Bare bar B 1.18 44700 94.2 277.5**
Bar in RC3 1.27 – – 276.8**
Bar in RC4 1.12 – – 277.9**

∗ Nominal cross sectional area.
∗∗ Calculated from nominal cross sectional area and loss of

cross section estimated from corrosion.

the value AsEs of the bare bar B is adopted in com-
puting the specimens RC3 and RC4. Average strain
of reinforcement (εs) in Equation 9 is assumed to be
equivalent to average strain of specimen (ε), which
was measured in the experiment. Since Equation 9 is
true when reinforcement is in elastic stage, test data
only before yielding are used in the computation in
this study.

As FRP sheet is elastic material, its average force
(Pcf ) is given by:

where, Acf = cross sectional area of FRP sheet,
Ecf = elastic modulus of FRP sheet and εcf = average
strain of FRP sheet. Though the distribution of sheet
strain is not uniform after cracking, average values
always satisfy Equation 10 independently of strain
distributions. In the computation, average value of
measured strain distribution of sheet is used as εcf .

Consequently, we can calculate Ps and Pcf from
measured values. Substituting them into Equation 8,
we obtain average force of concrete (Pc) or average
stress of concrete (σc):

where, Ac = cross sectional area of concrete.

3.3 Test results and discussion

Figure 11 shows obtained relationships between the
applied force and the average strain of all the uniaxial
test specimens. Concrete strengths at the age of loading
test were between 27 and 30 N/mm2.

The specimen RC1 is the standard one for compar-
ison, which has neither reinforcement corrosion nor
continuous fiber sheet.

The specimen RC2, which was strengthened with
FRP sheets, had high stiffness than RC1 after cracking
in concrete. Total applied load in RC2 increased even

0

20

40

60

80

100

120

0 1000 2000 3000 4000

Average strain [x10-6]

Lo
ad

 [k
N

]

RC1
RC2 (sheet)
RC3 (corrosion)
RC4 (corrosion
          and sheet)

Figure 11. Load–strain curves for the uniaxial test
specimens.
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Figure 12. Average stress–strain curves of concrete.

after yielding of reinforcement because FRP sheet is
an elastic material.

The specimen RC3 with reinforcement corrosion
had an apparent low stiffness from the initial stage.
This is because cross sectional area of reinforcement
was reduced due to corrosion.

The specimen RC4 showed almost same loadstrain
curve with RC2 though the reinforcement in RC4 had
been corroded, while RC2 had no corrosion.

This result suggests that FRP sheets bonded on RC
member cannot only simply strengthen the RC mem-
ber but also recover the deterioration of mechanical
performance of the RC member due to reinforcement
corrosion. This possibility shall be investigated more
in detail in terms of stress carried by concrete in the
specimens calculated from the experimental data.

Figure 12 shows the average stress-strain curves of
concrete in the four specimens. The average stress of
concrete was calculated by Equation 11. The average
strain was measured by LVDT.

Comparing the average stress-strain curves of RC1
and RC2 in Figure 12, it is found that concrete stress
increased when FRP sheet is retrofitted. The reason of
this may be that bonding between concrete and rein-
forcement is improved because FRP sheet confines
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concrete externally. However, as the difference in the
average stress-strain curves of RC1 and RC2 is small,
the improvement of the tensionstiffness of concrete by
FRP sheet may not be remarkable.

It is clear that the tension-stiffness of concrete in
RC3 is smaller than that in RC1 because of rein-
forcement corrosion. Rust products on the surface of
reinforcement and corrosion crack in concrete, both of
which reduce bonding between concrete and reinforce-
ment, may cause the degradation of the tensionstiffness
of concrete.

4 NUMERICAL SERVICE-LIFE SIMULATION
OF RC STRUCTURES WITH FRP SHEET

4.1 Outline

In order to verify the advantage of taking into account
the insulating effect of FRP sheet as well as its
strengthening effect in service-life prediction, numeri-
cal simulation of time-dependent performance change
of reinforced concrete structure with FRP sheet was
carried out. The flowchart of the calculation is shown
in Figure 13. At each time step, chloride ingress into
concrete, corrosion of reinforcement in concrete and
load-carrying capacity of the member are calculated.
As results, load-carrying capacity of the member is
evaluated as a function of time. After retrofitting FRP
sheet on the structure, its roles, as surface insulator
and as external mechanical reinforcement, are taken
into account on the basis of the experimental results
shown in this paper.

4.2 Analytical conditions

Flexural capacity of RC beam with FRP sheet shown
in Figure 14 under various conditions were calculated
as a function of time. Material properties used in the
analysis are shown in Table 5. Six cases were analyzed
as indicated in Table 6.

Initial conditions

Transport analysis of aggressive agents

Evaluation of material deterioration

Structural analysis of the member

Structural performance at each time step

Next
time
step Corrosion

Chlorides

Loading capacityOutput

Material properties, Structural dimension

Modeling of FRP sheet

Chloride diffusivity
in FRP sheet

Strengthening by
FRP sheet

Figure 13. Flowchart of numerical service-life simulation
of RC beam with FRP sheet.

The structure was assumed to stand under the
corrosive environment with airborne salt from the
sea. One-dimensional transport analysis was employed
to evaluate chloride ingress into concrete as shown
Figure 14. Corrosion of reinforcement in concrete
caused by chloride and loss of cross-sectional area of
the reinforcement due to corrosion were considered.

Reinforcement

Continuous fibre sheet

8@D32
1400mm

700mm

45mm

Cl- Cl- Cl-

Figure 14. RC beam with FRP sheet.

Table 5. Material properties.

Concrete
Unit water 165 kg/m3

Water-cement ratio 50%
Compressive strength 38 N/mm2

Other mechanical properties Presumed from compressive
strength

Parameters for mass Presumed from mix
transport proportion

Reinforcement
Yield strength 400 N/mm2

Elastic modulus 200000 N/mm2

FRP sheet
Thickness 1 mm (including epoxy

resin)
Tensile strength 3500 N/mm2

Elastic modulus 2.7 × 105 N/mm2

Diffusion coefficient 3 × 10−14 m2/s

Table 6. Analytical cases.

Case Time of retrofit Effect of FRP sheet
no. of FRP sheet to be considered

1 Without FRP sheet –
2 From the initial stage Insulating and strengthening
3 At 10 years Insulating and strengthening
4 At 20 years Insulating and strengthening
5 From the initial stage Only insulating
6 From the initial stage Only strengthening
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Figure 15. Analytical results 1: flexural capacity of beam
as a function of time.
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Figure 16. Analytical results 2: flexural capacity of beam
as a function of time.

Strengthening effect of FRP sheet was evaluated by the
conventional beam theory. Delamination of the sheet
was not considered.

Based on the experimental results shown in this
paper, tension-stiffening effect of concrete cover is
reduced as a function of corrosion of reinforce-
ment. However, after FRP sheet is bonded on con-
crete, tension-stiffening effect of concrete cover is not
reduced even if reinforcement is corroded.

4.3 Results and discussion

Figures 15 and 16 show the analytical results, in which
flexural capacity of the beams as a function of time
are plotted. In case 1, in which FRP sheet is not
attached, flexural capacity of the beam decreases grad-
ually because of reinforcement corrosion. In cases 2, 3
and 4, in which FRP sheet is attached, flexural capac-
ity is increased by the strengthening effect of the sheet
and the time-dependent decreasing of flexural capac-
ity is avoided by the insulating effect. The ‘jump’ in
flexural capacity in the cases 3 and 4 in Figure 15 is
attributable to the retrofitting of sheet.

As shown in Figure 15, the rate of deterioration after
retrofitting of the sheet is a little different depending
on the time of retrofitting. This is due to the difference
of chloride concentration in concrete at the time of
retrofitting.

The advantage to take into account the effective-
ness of FRP sheet both as surface insulator and as
external reinforcement is much clear in comparison
of the results of cases 1, 2, 5 and 6 in Figure 16. The
flexural capacity in case 2, in which both effectiveness
are taken into account, is kept the highest level among
these four cases.

5 CONCLUSIONS

Concerning durability and service-life prediction of
reinforced concrete structures with FRP sheet, follow-
ing conclusions were obtained through this study.

The effectiveness of FRP sheet bonded on concrete
to reduce chloride ingress was experimentally verified
by the electric permeability test.

Coupling the electric permeability test and numeri-
cal diffusion analysis, diffusion coefficient of chloride
in the layer of FRP sheet with epoxy resin was
quantified.

FRP sheet bonded on concrete, as it is well-known,
can strengthen the existing concrete member by car-
rying tensile stress. This strengthening mechanism of
FRP sheet is effective both in sound member and
deteriorated member by reinforcement corrosion.

FRP sheet bonded on concrete can recover the
tension-stiffness of concrete that was once degraded
by reinforcement corrosion. This recovery may be
achieved by the confinement effect of FRP sheet on
concrete.

Through the numerical service-life simulation of
RC structure with FRP sheet, the advantage to take
into account the effect of FRP sheet both as surface
insulator and as external reinforcement was verified.
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ABSTRACT: This paper outlines a procedure for estimating long term hydrolytic aging of polyesters from
short term water sorption data. Following calibration of the diffusion/hydrolysis model against sorption data
obtained at ambient temperatures spatial and temporal evolution of network scissioning and small organic
molecules concentration were determined for 50 mm thick composite samples under a variety of conditions. The
simulations reveal that network fragmentation will be concentrated near the exposed composite faces while small
organic molecules will concentrate in regions a short distance from the exposed composite faces making this
region the most likely to suffer initial osmotic cracking. Simulation results also reveal markedly different damage
distribution in thicker composite sections to that experienced by thinner composite samples. Consequently caution
must be used when ascribing long term trends observed for some thin coupon mechanical properties to thicker
samples. Several areas of improvement for the model were also identified for future work.

1 INTRODUCTION

It is widely acknowledged that a significant deficit
exists in our ability to predict the long-term degra-
dation of FRP materials when subjected to prolonged
contact with moisture (Liao et al. 1998, Weitsman &
Elahi 2000, Karbhari et al. 2003). The reasons for such
a shortfall are many. Environmental aging mechanisms
are complex and poorly understood.The effects involv-
ing breakdown of the resin, interface and reinforcing
fibers are wide ranging and not easily categorized as
they arise from the interplay of many environmental
and material factors. Additionally durability studies
by their nature require long term commitments of
time which are often not practical. As a result durabil-
ity data is sparse and findings from different studies
are not easily compared thereby making the devel-
opment of general models of the breakdown process
difficult.

The aging process, particularly for polyester based
composites is dominated by the corrosive action of
water. Long term contact can result in resin swelling,
hydrolytic breakdown of the resin and resin fiber inter-
face, and osmotic cracking resulting in fiber debond-
ing, delamination, loss of mechanical strength and
premature failure. Some of the consequences of con-
tact with moisture can be observed over relatively short
periods of time (a few years) during water sorption
studies in which the net weight change of compos-
ite coupons exposed to moisture is recorded. Figure 1
for example shows some typical water sorption trends
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Figure 1. Examples of short term water sorption profiles.
A – Linear Fickian behavior; B – sorption with hydrolysis/
leaching; C – two stage diffusion process; D – diffusion with
increasing hydrophilic nature.

observed for polyester based composite materials.
Linear Fickian diffusion (curve A) is a reasonable
approximation for many composite materials however
assumptions of Fickian diffusion will generally fail if
structural and/or chemical changes to the resin occur
on the same time scale as moisture diffusion (Springer
1981).

Such changes include relaxation of the polymeric
structure (resulting in a two stage process as illustrated
by curve C), increases in the hydrophilic nature of the
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resin (due to chemical changes to the polymeric struc-
ture such as induced by hydrolysis – curve D) or the
breakdown and leaching of resin and interface com-
ponents (again via hydrolysis). In this last scenario an
overall decrease in mass will be observed if mass loss
due to leaching outstrips mass increase due to moisture
uptake (curve B).

The form of the short term sorption profiles there-
fore contains information about the susceptibility of
the resin/composite to water induced degradation and
consequently can be used to help predict the long term
aging of the material (Camino et al. 1998). To fully
determine the effects of prolonged exposure to mois-
ture not only must water sorption trends be modeled
over time but also any accompanying physical and
chemical changes to the matrix which not only have a
bearing on the mechanical properties of the compos-
ite material but also influence future water sorption
trends.

In this paper we will explore the hydrolysis of
polyester resins, examining the interplay between the
diffusion process and hydrolytic damage produced.
The aim of this study is to calibrate a hydroly-
sis/diffusion physical model against short term sorp-
tion data gathered at ambient conditions and use the
model obtained to predict the spatial and temporal dis-
tribution of polyester network disruption, depletion of
ester sites and build up of hydrolysis products within
the composite over the long term. The roles of differ-
ent material and environmental properties on the aging
process will also be considered.

2 HYDROLYSIS MODEL

Polyester resins have a high number of ester sites
that are vulnerable to hydrolysis. Hydrolysis of those
ester sites scissions the polyester chains leaving behind
two “dangling chains” one with a alcohol end group
and one with a carboxylic acid end group. Hydrolysis
results in disruption of the polyester network system
and osmotic cracking of the polyester resin both of
which lead to resin embrittlement (e.g. see Ashbee
et al. 1967, Apicella et al. 1983, Abeysinghe et al.
1982). Recently Gautier and co-workers (Gautier et
al. 2000, 2001) proposed a simple kinetic model of
the hydrolytic process which we will use as a start-
ing point in our considerations. The pseudo-first order
model proposed by Gautier is applicable to thin, per-
manently saturated composite samples in which the
(equilibrium) water and ester concentrations within the
polyester network are not significantly altered by time
or the hydrolytic process. For thicker polyester samples
exposed for longer time periods such assumptions may
not be adequate so we have generalized the model to
take into account spatial/temporal variation in water
and ester levels throughout the hydrolysis process.

The equations used to model the hydrolytic process
are as follows:

where W = water concentration; Dw = diffusion coef-
ficients of water (here assumed constant); x = distance
from face of composite; kh = second order hydroly-
sis reaction rate constant; E = concentration of ester
groups within the resin; n = polyester chain scissions
(hydrolysis events) per volume and h = the thickness
of the composite.

In Equation 1 a second term is added to the
Fickian expression describing the diffusion of water
which takes into account the removal of water from
the system as it is consumed in the hydrolysis reaction.
The hydrolysis reaction which creates the chain scis-
sion event (n) and removes a reactive ester site (E) is
described as a second order rate process (Equation 2).

Gautier et al. (2000, 2001) proposed that small
organic molecules (SOCs) are formed when chain scis-
sions occur close to the end of “dangling chains” and
that the build up of SOCs is responsible for the initi-
ation of osmotic cracking processes within polyester
matrices, in itself an important aging process. In this
work the formation and distribution of the hydroly-
sis breakdown products will also be examined. The
expression used to determine the rate of formation
of SOC material follows from the work of Gautier
et al. (2001) with the added consideration that once
formed such molecules are themselves free to diffuse
throughout the matrix structure (albeit more slowly
than water). The distribution of the hydrolysis product
is then described via Equation 3:

where γ(x,t) = the free SOC concentration; Dγ = SOC
diffusion coefficient; φ = the number of reactive ester
groups located near the terminus of dangling chains.

When formulating the initial and boundary con-
ditions for Equations 1–3 it was assumed that the
composite was initially dry. It was also assumed that
water and SOC concentrations were symmetrical about
the central plane of the sample and that the contribution
of polymer relaxation to the diffusion process could be
expressed in the form proposed by Pritchard & Speake
(1987). The considerations lead to the following initial
and boundary conditions:
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where E0 = the initial ester content (which can be
calculated from the resin formulation); n0 and γ0
represent the initial number of dangling chain ends
and SOCs initially present in the matrix respectively,
(Gautier et al. 2000) and kr is the polymer relaxation
coefficient (Pritchard & Speake 1987).

3 RESULTS

3.1 Calibration against ambient polyester +
water sorption data

The bulk of work undertaken on hydrolytic degra-
dation of polyester resins has focused on degrada-
tion at temperatures significantly higher than ambient
(Bélan et al. 1997a, Gautier et al. 2000, 2001) where
osmotic cracking of the resin can be induced over
relatively short periods of time. Analysis of immer-
sion bath fluid in studies undertaken at near ambient
temperatures however has revealed the presence of
low molecular weight polyester species with hydroxyl
end groups indicating that hydrolytic breakdown of
polyester resins, while slower, still takes place at these
lower temperatures (Kootsookos & Mouritz 2004). In
the absence of osmotic cracking these species diffuse
to the external surfaces of the composite material.

In this study we wish to focus on the aging of
polyester material employed in infrastructure applica-
tions and thus our interest lies with long term behavior
at ambient conditions. An assessment of the long term
durability of these materials will involve looking at
the long term consequences of a slow build-up of
hydrolytic activity and products. As a first step in
examining this scenario Equations 1–7 were calibrated
against water sorption data obtained for polyester com-
posite samples immersed at near ambient conditions.
The model was then used to predict the hydrolytic
aging of the same polyester composite over longer time
frames.

Equations 1–3 were used to model the water sorp-
tion data reported for 1.6 mm thick fully cured E-glass
reinforced isophthalic polyester composites samples
immersed in 30◦C seawater over a 2 year period
(Kootsookos & Mouritz 2004). The overall change
in mass of the polyester composite in the simulation
was determined by comparing the fluxes of water and

SOCs through the exposed faces of the composite
(Equation 8):

where 	Mt = the overall change in mass (kg.m−3);
MWw and MWγ are the molecular weights of water
and the SOC species respectively.

Additionally the following assumptions were made:

1. For the purposes of the mass balance it was assumed
that the leached species could be represented as
propylene glycol (MWγ = 76 kg/kmol). This fol-
lows from analysis of leaching products which
indicates a significant presence of low molecular
weight polyester species with hydroxyl end groups
(Kootsookos & Mouritz 2004).

2. A constant ratio, Dγ/Dw = 40, was assumed. This
ratio was estimated from solubility data reported
for water, propylene glycol, ethylene glycol and
diethylene glycol in Gautier et al. (2000).

3. Transport of leached species from the surface of
the composite coupon to the surrounding bath
fluid was assumed to be significantly faster than
the rate at which the SOC species diffuse to the
exposed surfaces of the composite. Additionally
the concentration of SOC species within the bath
fluid is sufficiently dilute that the concentration of
SOCs at the composite surface remains negligible
throughout the course of the study.

4. The relaxation constant ‘kr’ used in Equation 7
was that obtained for an isophthalic polyester resin
immersed at 30◦C in the same study. The ratio of
W sat(t = ∞)/W sat(t = 0) employed in Equation 7
was set to ∼3 (again as suggested by the data of
Pritchard & Speake 1987).

The initial ester concentration (E0) in the isoph-
thalic polyester resin was estimated at 10 kmol/m3.The
values of the remaining parameters (Dw, kh, n0, γ0 and
W sat(t = 0)) were then varied until a satisfactory fit to
the data was obtained (see Figure 2). The parameter
values employed are listed in Table 1.

Calibration of the above model against the sorption
data gathered at 30◦C provides an insight into the rela-
tive effects of water diffusion (feeding moisture to the
interior of the composite) and hydrolysis (removing
moisture from the system as it reacts with polyester
reactive sites) at near ambient conditions. Calculation
the characteristic times of hydrolysis (τh) and diffusion
(τd ) then provides the means of directly comparing
the kinetics of the two processes, (Bellenger et al.
1995):
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Figure 2. Fit of hydrolysis model to 100% cured polyester
composite waster sorption profiles. (Data: Kootsookos &
Mouritz 2004.)

Table 1. Values used in modeling of polyester water
sorption.

Parameter Values

Dw (m2/s) 6 × 10−13

Wsat(t = 0) (wt%) 0.55
kh (m3/kmol.s) 3.8 × 10−10

E0 (kmol/m3) 10
n0 (kmol/m3) 1.4
γ0 (kmol/m3) 0.04
kr (s−2) 7 × 10−18

Comparison of the two time constants for the 1.6 mm
coupons reveals that τh�τd implying that in this case
the diffusion process dominates the hydrolysis pro-
cess enabling water to penetrate to the core relatively
unhindered.

Solving Equations 2 and 3 for n(x,t) and γ(x,t) allows
determination of the temporal and spatial distribution
of scission damage and SOCs (Fig. 3). Over the course
of the 2 year immersion period the level of chain break-
age is predicted to have increased slowly with time in
a near linear fashion (increasing by 5∼10% over that
time). The narrowness of the coupon coupled with the
low hydrolysis reaction rates at 30◦C ensures that water
levels quickly approach the saturation level (prior to
relaxation) and that the level of ester sites available
for hydrolysis is not significantly reduced in the first
few years. These two factors combine to ensure that
the scission concentration is uniform across the cross-
section of the coupon and increases in a linear fashion
within the time period.

0

0.01

0.02

0.03

0.04

0.05

0 0.5 1 1.5 2

Immersion time (yrs)

S
O

C
 c

on
ce

nt
ra

tio
n 

(k
m

ol
/m

3 )

1.3

1.4

1.5

1.6

1.7

S
ci

ss
io

n 
co

nc
en

tr
at

io
n 

(k
m

ol
/m

3 )

SOC - x=h/20
SOC - x=h/2
Scission level

Figure 3. Predicted scission density and small organic
molecule distribution in a 1.6 mm polyester coupon as a
function of immersion time at 30◦C and distance × from the
exposed faces of the sample.
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Figure 4. Spatial distribution of small organic molecules in
1.6 mm polyester coupons at 30◦C at various times.

The concentration of SOCs (Figs. 3 and 4) follows
a more complicated evolution. The SOC concentra-
tion at any point in time and space is the result of two
competing effects; the extent of hydrolysis (creating
the SOCs) and SOC diffusion (dispersing SOCs to the
sinks at either composite face). The balance of com-
peting processes at the conditions experienced in the
study result in a maximum SOC concentrations along
the central plane of the coupon. The greater disper-
sive nature of this system however results in an overall
decrease in SOC levels over time (Fig. 4).

3.2 Extending the model to thicker sections over
longer lifetimes

Having calibrated the hydrolysis/diffusion model
against the short term sorption data it is now possible to
extend the range of the model to consider the long term
effects of hydrolysis on more substantial polyester
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Figure 5. Evolution of the spatial distribution of small
organic molecules in a fully cured 50 mm thick polyester
composite at 30◦C.

specimens possessing the same characteristics as the
above mentioned material.

To do this the hydrolysis model was rerun to exam-
ine the behavior of a sample 50 mm thick exposed for
30 year period at 30◦C. Figure 5 shows the evolution
of SOC levels in the thicker composite over that time
period. The distribution pattern evolves over time for
the larger section to produce local maxima of SOC
material ∼5–10 mm below the exposed faces of the
member. The profile develops in this way because
the relative balance between the water diffusion, SOC
diffusion and hydrolytic processes has shifted. With
the thicker sample section the characteristic time of
diffusion is now greater than that of hydrolysis and
consequently the hydrolytic depletion of moisture pro-
ceeds more rapidly relative to the diffusion process
which feeds moisture to the interior of the composite
with the net result of lower moisture levels near the
central plane of the composite.

This in turn lowers the rate of scission and SOC
production near the central plane of the composite.
Simultaneously diffusion of the SOC material near
the exposed surfaces out into the surrounding fluid
reduces SOC levels in the region adjacent to the
exposed composite faces producing SOC maxima in
the intervening region. Scission levels (Fig. 6) show
the same central minima with the majority of network
disruption being predicted at the exposed composite
faces.

The magnitude and position of SOC maxima is an
important factor when considering the longevity of the
composite specimen as it has been postulated (Gautier
et al. 2000) that once γ(x,t) exceeds a critical value
osmotic cracking is initiated at that site. The position
of the SOC concentration maxima therefore suggests
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Figure 6. Evolution of scission levels in a fully cured 50 mm
polyester composite at 30◦C.

that the initiation of osmotic cracking is most likely to
occur slightly inside the exposed faces. The magnitude
and position of the maxima is clearly dictated by many
parameters (kh, Dγ , Dw. . .), however application of the
aforementioned equations to short term data enables
an estimate of the time it would take to reach a critical
SOC level (provided this is known) and the positioning
of the first levels of damage once cracking begins.

The above results demonstrate that water distri-
bution pattern observed for thin coupons commonly
employed in laboratory studies are not representative
of those to be expected in more substantial samples
particularly when hydrolytic processes are also active.
A comparison of data obtained for both the 1.6 mm
and 50 mm composite samples over a 30 year period
(Fig. 5) for instance reveals that the patterns of dam-
age also are markedly different, even though the two
situations involve identical material characteristics.
Consequently caution must be used in extrapolating
mechanical properties observed for thin coupons to
thicker composite components.

3.3 Effect of altering climatic conditions and
materials properties

The calibration of Equations 1–7 also allows explo-
ration of the effect of changes in climatic and material
properties on the long term hydrolysis of the polyester
composite. A brief examination of the consequence
of small changes in temperature, resin chemistry and
level of cure follows.

3.3.1 Temperature
A change in the temperature at which the component
is exposed to moisture alters the rates of hydrolysis,
relaxation and diffusion of both of water and SOC
material. To examine the effect of a modest change
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Table 2. Activation energies used in calculating diffusion,
hydrolysis and relaxation rates at 35◦C.

Activation energy
Process (kJ/mol) Source

Water/SOC 75.0 Pritchard & Speake
diffusion (1987)
Hydrolysis 90.0 Bélan et al. (1997a)
Polymer 180.0 Pritchard & Speake
relaxation (1987)
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Figure 7. Predicted spatial distribution of small organic
molecules in a fully cured 50 mm thick polyester composite
at 30 and 45◦C after 30 years immersion.

in temperature a comparison of scission and SOC lev-
els in a 50 mm thick polyester sample exposed at 30
and 35◦C were compared after 30 years of immersion.
In this instance it was assumed that all of the above
processes obey anArrhenius relationship with temper-
ature. Activation energies used to calculate diffusion,
relaxation and rate reaction constants at 35◦C and their
sources are listed in Table 2.

It is clear from Figures 7 and 8 that even moderate
changes in temperature can have a significant influ-
ence on the aging of the composite, with a 5◦C increase
more than doubling SOC levels and increasing scis-
sion levels by more than 50%. Once again the effect
is not uniform but concentrated at the exposed faces
(scission) and points just interior (SOC levels). Clearly
the overall effect of changes in temperature is heavily
dependent on the relative values of the activation ener-
gies chosen – knowledge of these values is crucial if
temperature dependency of long term aging is to be
evaluated.

3.3.2 Effect of resin chemistry
Changing the polyester resin formulation can sig-
nificantly alter the vulnerability of the resin to
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Figure 8. Predicted distribution of scission concentration in
a fully cured 50 mm thick polyester composite at 30 and 35◦C
after 30 years immersion.
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Figure 9. Effect of change in susceptibility to hydrolysis
to the predicted scission distribution within a 50 mm thick
polyester composite after 30 years immersion.

hydrolytic attack. Recently for instance Bélan et al.
(1997b), examined the relationship between structure
and the hydrolysis rate of polyester prepolymers and
observed a large range of hydrolysis rates (second
order reaction rate constants ranging from ∼0.2 to
12.1 kg.mol−1s−1).

The consequences of increasing the reaction rate
constant by a factor of 4 are shown in Figures 9
and 10. As expected there are significant increases
in both the levels of network scission and levels of
hydrolysis product. Once more degradation effects are
concentrated at the exposed faces (scission) and in the
regions slightly interior to the exposed faces (SOC
levels) while the core of the composite is relatively
unaffected by the increased hydrolytic attack suggest-
ing that mechanical properties which are dependent
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Figure 10. Effect of change in susceptibility to hydrolysis
to the predicted small organic molecule distribution within a
50 mm thick polyester composite after 30 years immersion.

on damage location rather than average damage lev-
els (e.g. flexural properties) will be more adversely
affected.

3.3.3 Cure level
In the hydrolysis model the degree of cure is prin-
cipally manifested in the value of γ0, the level of
water-soluble molecules such as catalyst residues and
unreacted monomers initially present in the composite.
To examine the role of cure level the water sorp-
tion behavior of under-cured (88%) polyester coupons
reported in the same study as the aforementioned
fully cured 1.6 mm polyester coupons (Kootsookos &
Mouritz 2004) was undertaken. The fully cured and
under cured samples were identical except for the level
of curing so only the value of γ0 was altered in our
attempts to model the behavior.

Figure 11 shows curve of best fit (γ0 = 0.09 kmol/
m3).The fit is less satisfactory than that obtained in the
fully cured case however the best fit value obtained for
γ0 is higher than obtained for the fully cured polyester
data, and thus agrees with the perception that the ini-
tial levels of water soluble organic material would be
higher in under-cured samples. Never the less there
exists considerable room for improvement in simulat-
ing the magnitude and trends of the sorption data. The
suppression of the maximum mass gain observed by
Kootsookos & Mouritz (2004) (∼0.48% in the fully
cured sample and ∼0.38% in the 88% cured sample)
is considerably greater than that predicted by the model
and the predicted slope of the mass change curve after
the maxima has been reached does not match that
observed. Given the variation between the predicted
and observed values and trends with time, long term
predictions of the effect of cure with the above model
are of limited value.
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Figure 11. Fit of model to 88% cured data. (Data:
Kootsookos & Mouritz 2004.)

4 DISCUSSION AND FUTURE WORK

The hydrolysis/diffusion modeling discussed in this
paper is very much a work in progress. As evidenced
by the results obtained for low cure sorption behavior
the simple model described above does not adequately
explain all aspects of the sorption data observed.A fur-
ther issue arises with the manner in which sorption data
is normalized for coupon thickness. It is the general
practice in sorption studies to normalize the sorption
data for the coupon thickness by plotting mass change
as a function of (t1/2/h) where t is the immersion time
and h is the coupon thickness (as has been done above
in Figures 2 and 11). However sorption data reported
for polyester samples of varying thicknesses by
Kootsookos & Mouritz (2004) and Camino et al.
(1996) indicate that the sorption data cannot be suc-
cessfully normalized in this fashion (normalization
is achieved when sorption data is plotted against
∼t1/2/h2). Simulations carried out with the hydrol-
ysis/diffusion model discussed in this paper do not
predict this behavior but rather the more traditional
t1/2/h relationship still holds during the initial stages
of the sorption process. Whether this is a consequence
of the simplicity of the model employed in this study is
not clear and will be the focus of future work.The intro-
duction of additional factors such as the concentration
dependence of Dw and Dγ , the autocatalytic nature of
the hydrolysis process and increasing hydrophilicity
of the resin material due to chemical changes will be
considered in future versions of the model.

5 CONCLUSIONS

A procedure for estimating the long term hydrolytic
aging of polyester from trends observed in short term
water sorption trials has been outlined.
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Spatial and temporal evolution of network scission-
ing and concentrations of small organic molecules (a
precursor to osmotic cracking) predicted by the hydro-
lysis/diffusion model for 50 mm composite section in
prolonged contact with moisture has revealed that net-
work damage will be concentrated near the exposed
composite faces while small organic molecules will
be most concentrated in regions that lie a small dis-
tance into the composite. Model predictions have also
revealed that modest increases in temperature and
hydrolytic susceptibility greatly increase the level of
damage in those same areas in the long term while the
core of the composite is relatively unaffected.

The model results clearly indicate that the pattern
of damage in thicker composite sections will be quite
different to that experienced by thinner composite
samples exposed to moisture over the same time frame.
Trends in mechanical properties observed for thin sec-
tioned composite samples which are influenced by the
distribution of damage (rather than the average damage
over the composite cross-section) are therefore likely
to differ for thicker samples of the same material.

Analysis of the effect of cure on sorption behavior
indicates that aspects of the model need improvement.
Future work will investigate the incorporation of addi-
tional factors such as concentration dependence of
diffusion coefficients to improve the fit of the model
to observed data.
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Service life prediction of GFRP pipes in aggressive environments

M. Farshad*, A. Necola & P. Flüeler
Swiss Federal Laboratories for Materials Testing and Research, EMPA, Switzerland

ABSTRACT: In this contribution, results of long-term creep tests of Glass Fiber Reinforced Polymer (GFRP)
pipe samples in wet condition, acid, and alkaline environments are reported. Two sample groups were pipes
produced by centrifugal casing and filament winding process. Regression analysis of the data related to the tests
in wet condition to 50 years showed a reduction of strength by more than 50% of the dry strength in short-term
loading. Long-term regression of strain corrosion tests revealed a 50-year strain at failure of less than 0.2%.
Long-term extrapolation of the tests in alkaline medium to 50 years showed dramatic reduction of strength to
about 1% of the initial strength. In all cases, low failure strain and brittle mode was observed. It was concluded
that in design of GFRP pipes and service life prediction the strength values as well as the strain criteria under
the influences of medium should be considered.

1 INTRODUCTION

Glass Fiber Reinforced Polymer (GFRP) pipes are
composite constructions consisting of short and/or
long glass fiber and thermosetting materials such as
unsaturated polyester (or vinyl ester) as their main con-
stituents. These pipes are normally produced through
centrifugal casting with short fibers or filament wind-
ing of long fibers. In addition to the structural layer, the
pipes may also have internal and external protection
layers, which mainly consist of the resin material.

Glass Fiber Reinforced Polymer (GFRP) pipes have
applications in pressure pipelines as well as in drainage
and sewerage piping systems. In these applications the
pipe is in contact with various fluids that, in some
cases, may have aggressive effects on the material
components of the pipe. The mechanism of action
of the environmental conditions on the pipe mate-
rial depends on the individual medium. For example,
action of an alkaline medium produces leaching, pit-
ting, and corrosion of glass fibers.The corroding influ-
ence of the alkaline environment on such pipes has
been reported by Zhang (1999) and Karbhari (2000).

The contact of the loaded pipe with acid environ-
ment may lead to the so called strain corrosion. Some
attention has been given to this effect has been reported
by Woo (1988). Long-term strain corrosion studies

∗ Corresponding author: Professor M. Farshad, Swiss
Federal Laboratories for Materials Testing and Research,
EMPA, 129 überlandstrasse, 8600 Dübendorf, Switzerland,
Tel. (++41) 01 8234491, Fax 00411 8216244, E-Mail:
mehdi.farshad@empa.ch

in acid environments were carried out under constant
diametrical deflection of pipe ring samples as reported
by Farshad (in press, 2004). The action of water on the
pipe behavior may also be qualitatively anticipated.
It can be conceived that the long-term water action
would weaken some types of resin components and
would lead to debonding of the fiber-resin system as
reported by Fried (1967) and Woo (1988). In a pre-
vious work the effect of aqueous environment on the
long-term behavior of GFRP pipes was investigated
by Farshad (in press, 2004).

Determination of the long-term response of Glass
Fiber Reinforced Polymer GFRP) pipes in wet con-
ditions and the theoretical long-term extrapolation is
of great importance in the design of these pipes. The
experimental data are normally obtained over a time
period of up to about 2 years. These data should be
extrapolated to much longer time periods including 50
years, which is considered the service life of pipelines.

This work has been carried in the framework of
a joint European project in which various European
partners were involved. The creep tests on samples
immersed in water were carried out by a number of
partners. In this sense, a collective correlation and
benchmarking was achieved and the results were val-
idated. The results reported in this paper, however,
relate only to the work done in the institution of the
authors.

2 TESTING EQUIPMENTS

To perform the long-term experiments a number of
testing devices were developed and constructed. Two
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types of experimental equipment were constructed:
one type was used for the direct creep testing of GFRP
pipes in wet condition and also in the alkaline medium;
another type was used for the stress relaxation tests of
GFRP pipes under the influence of acid environment.

For testing of the pipe ring samples in wet con-
dition the preconditioned GFRP pipe segments were

Loading frame

U-Profil for application of
compressive diagonal force

Container

Transparent PMMA front
and back windows

GFRP ring sample

Dead weight (lead blocks)

Figure 1. Testing equipment for long-term tests of GFRP pipe ring in saturated condition (water medium as well as alkaline
medium).

Plastic retention container

Sulfuric acid solution

Transparent PMMA dam

Figure 2. Series of experimental set-ups for long-term strain corrosion tests.

immersed in water container and were subjected to
diametrical compressive force. For testing of the pipe
ring samples in alkaline medium the GFRP pipe seg-
ments were immersed in container with high alkali
content and were subjected to diametrical compressive
force. A typical testing system of both tests consisted
of a dead weight loading device, a container, and a
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structural frame. Figure 1 shows one of the testing set-
ups for the long-term creep tests of GFRP pipe samples
in wet condition as well as for the testing of samples
in alkaline medium. For efficient parallel testing, a
total number of nine such systems were constructed.
The diametrical deflection of the pipe samples was
periodically monitored by the external measurement
devices.

To investigate the influence acid environment on
the long-term behavior of GFRP pipes, another type
of equipment capable of applying constant diametrical
deflection was constructed. GFRP pipe ring samples
were exposed to the acid medium at the lower part of
the section. Figure 2 depicts a number of such testing
apparatus.

3 TEST SAMPLES AND TESTING PROCEDURE

3.1 Creep behavior of GFRP pipes in wet condition

Ring sections were taken from short glass fiber-
reinforced pipes with unsaturated polyester resin pro-
duced by a centrifugal casting procedure. They consti-
tuted the first batch of the two available batches of this
pipe type. The specimens used had a nominal diame-
ter of 500 mm. The length of each sample was about
300 mm. Prior to experiment, samples were stored at
room temperature of 22 ± 3◦C and 50 ± 5% relative
humidity. A number of selected specimens were con-
ditioned in a container filled with circulating drinking
water at 20 ± 2◦C.The specimens were kept in the con-
tainer for at least 1000 hours. To establish reference
values, short-term diametrical compression tests were
performed on a number of dry as well as conditioned
samples. Testing was carried out in compatibility with
an existing guideline, see EN 1227 (1997). For the
long-term tests, using the reference values, various
loading levels were chosen. The diametrical loading
covered a range of 6.0 to 17.1 kN and resulted in failure
times in the range of 0.2 to 6000 hours.

3.2 Strain corrosion of GFRP pipes in acid
environment

Samples made of Glass reinforced thermosetting
(GFRP) plastics with polyester resin were tested. The
pipes were produced by a filament winding process.
The specimens used for the strain corrosion tests con-
sisted of GFRP pipe segments had nominal diameter
of 500 mm. The nominal stiffness of the ring samples
amounted to 10,000 N/m2. The length of each sample
was about 300 mm.

3.3 Long-term behavior of GFRP pipes in alkaline
medium

Samples of GFRP pipes produced by centrifugal cast-
ing were tested. They belonged to the second batch of

the centrifugally cast pipe. The specimens used had
a nominal diameter of 500 mm. The length of each
sample was about 300 mm. To establish a basis, short-
term diametrical compression tests were carried out
on three samples from this batch group. The tests were
performed on the dry pipes with no preconditioning.
The mean of the maximum diagonal force obtained
from these short-term tests amounted to 11.6 kN. This
value was considerably lower than the maxim force of
17.1 kN obtained for the first batch of the centrifugally
cast pipes.

Prior to testing, samples were stored at room tem-
perature of 22 ± 3◦C and 50 ± 5% relative humidity.
At the testing time, samples were directly immersed
in the container of the testing apparatus, which had
been also used for testing of the wet samples (Fig. 1).
For these tests, however, the container was filled with
alkali medium with alkali grade of PH 12.5.

4 STATISTICAL ANALYSIS AND LONG-TERM
EXTRAPOLATION OF DATA

4.1 Long-term behavior of GFRP pipe in wet
condition

Figure 3 shows the results of creep tests on the
conditioned GFRP pipe ring samples tested in wet con-
ditions. It shows data points for the diametrical force
and the corresponding maximum creep deformation at
break as a function of the time. The ordinate of each
point, on a logarithmic scale, depicts the diametrical
force and the abscissa designates the time to failure on
a logarithmic scale.

To analyze the experimental data, according to EN
705 (1995) a linear regression analysis was carried out.
In this analysis, a linear regression curve was fitted into
the data relating the diametrical force (F in Newton)
to the failure time (t in hours). As the result of this
analysis, the following mathematical relation between
the above-mentioned quantities was found.

Figure 3 shows the plot of this regression curve
together with the experimental data points. The solid
line shown in Figure 3 is the regression curve up to
the 6400 hours. The dotted line shown in Figure 3 is
the geometrical extension of the regression line up to
50 years. According to this extrapolation, strength of
about 7550 N for the submerged pipe after 50 years
was estimated.

4.2 Long-term strain corrosion of GFRP pipes

Figure 4 shows the results of strain corrosion tests on
the GFRP pipe ring samples presented by a diagram
with a double logarithmic scale. The ordinate of the
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Figure 3. Long-term creep response of GFRP ring specimens in wet condition under vertical diagonal compressive force.
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Figure 4. Long-term strain corrosion behavior of GFRP pipe in acid environments; strain at failure: the experimentally based
calculation, the regression curve, and the long-term extrapolation.

diagram signifies the relative diametrical deflection
(in %) and the abscissa designates the time to failure
(in hours). The relative diametrical deflection (in %)
was calculated as the measured diametrical deflection
multiplied by 100 divided by the mean pipe diameter.

To analyze the experimental data, a linear regression
analysis was performed by Woytowich (1991). Figure
2 shows the regression curve together with the exper-
imental data points. From this analysis, the following
mathematical relation between the vertical deflection

(y in mm), the nominal pipe diameter (D = 500 mm)
and time to failure (t in hours) was deduced.

The solid line in Figure 4 shows the regression curve
of the experimental data up to the 4600 hours. The dot-
ted line is the geometrical extension of the regression
line up to 50 years. Using the maximum diametrical
deflection, the strain at failure was calculated. For this

934



0.01

0.10

1.00

10.00

1.00E+00 1.00E+01 1.00E+02 1.00E+03 1.00E+04 1.00E+05 1.00E+06

Time to failure [h]

D
ia

m
et

ri
ca

l f
or

ce
 [

kN
]

Experimental diametrical force, kN

Regression force, kN

50 Years

Figure 5. The experimental data for the second batch of the centrifugally cast GFRP pipe samples in the PH 12.5 alkali
environment and the linear regression curved fitted to the data points.

purpose, the theory of an elastic ring acted upon by
a pair of diametrical forces (F in Newton) was used.
According to this theory, the maximum diametrical
deflection and the maximum bending moment (M in
N · mm) in the ring would be related to F via the
following formula [1]:

where E is the modulus of elasticity (in MPa), I is the
second moment of area of the ring wall section (in
mm4), and R is the mean radius of the ring (in mm).

Using the above relations and employing the clas-
sical elastic rod theory, the maximum strain (ε) would
be related to other parameters as follows:

For the pipe sections under investigation, the above
relation becomes:

Finally, using the statistical correlation of relation (1),
the following relation was obtained.

Figure 4 shows the maximum bending strain as a func-
tion of the time to failure according to the above
relation and also by a modified formula proposed
in by Woytowich (1991). Figure 4 also shows the
extrapolation of the linear regression curve to 50 years.

4.3 Long-term alkaline resistance of GFRP pipe

Figure 5 shows the experimental data for the second
batch of the centrifugally cast GFRP pipe samples
tested in PH 12.5 alkali environment. It also depicts
the linear regression curved fitted to these data points.

5 SUMMARY OF RESULTS

5.1 Long-term behavior in water

The test results presented in Figure 3 show a clear
decreasing trend of pipe strength as function of time.
The long-term extrapolation by the regression curve
showed that the 50 years strength for the continuously
submerged pipe was about 7.5 kN. Hence it was found
that the 50-years strength of wet pipes reduced to more
than 50% of the dry strength in short-term loading.

The data points related to the creep deformation
at break showed a more or less constant trend. The
average value of the diametrical deflection at break
amounted to about 20% of the pipe nominal diameter.
The relatively constant temporal trend of deflection
showed that the maximum creep strain in the pipe
under wet conditions did not vary too much. Hence,
one may conclude that the continuous contact of the
composite pipe with water would mainly affect the
strength and not the maximum strain. The strength
reduction could be attributed to the composite debond-
ing caused by diffusion of water into the layers and the
interfaces between the fibers and the resin.

5.2 Strain corrosion

The results of strain corrosion study showed a decreas-
ing regression trend of maximum strain as a function
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of time to failure. According to the statistical extrap-
olation shown in Figure 4, for a pipe continuously
exposed to sulfuric acid, a critical diametrical deflec-
tion of about 1.7% after 50 years was obtained. On
the other hand, the short-term static tests performed
on the dry ring sections of this pipe revealed a 23.4%
diagonal deflection at break. Hence, according to these
results, a deformation capacity reduction of about 90%
relative to the short-term deformation of dry pipes was
deduced.

The bending strain calculation, using the experi-
mental data and the elastic ring theory, revealed a
short-term maximum strain of about 2.1%. Under the
influence of constant diametrical deflection and the
sulfuric acid, the maximum strain reduced to about
0.5% after 1000 hours. Furthermore, the long-term
extrapolation showed that after 50 years of continu-
ous exposure to sulfuric acid and diametrical loading,
the strain at failure of the ring could reduce to the value
of about 0.16%.

5.3 Alkaline resistance

The trend curve in Figure 5 shows a relatively sharp
drop of the load bearing capacity of the pipe sub-
merged in the alkaline environment. The extrapolation
to 50 years of the pipe service life showed a dramatic
reduction of strength of the pipe strength. According
to this extrapolation, the pipe in alkaline environment
was less than 1% of its initial strength! This dramatic
reduction of the strength could be attributed to the cor-
rosion of the short glass fibers and the interaction of
polyester matrix with the alkaline medium.

6 PIPE DESIGN AND SERVICE LIFE
PREDICTION

From the long-term experiments on the GFRP pipe
ring samples in various environments namely water,
acid and alkaline medium and the long-term extrap-
olation of data number of general conclusions were
reached. It was found that the strain capacity of the
GFRP pipe would generally decrease and would fall
much below the short-term maximum strain of the dry
sample. This strain degradation in a material with rel-
atively low ductility would bring a warning, which
should be taken into consideration in the design as
well as in the service life prediction of these pipe
types. According to these results, the common phi-
losophy of designing the GFRP pipes on the basis of
strength should be reevaluated. It is proposed that, as
an engineering measure for design and for service life
assessment, the deformation and strain criteria should
also be equally be considered. Accordingly, appropri-
ate safety factors are to be imposed on the long-term
strength as well as the strain limits of the pipe.
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A case study of application of FRP composites in strengthening of the
reinforced concrete headstock of a bridge structure

A. Nezamian & S. Setunge
CRC for Construction Innovation, School of Civil and Chemical Engineering, RMIT University, Melbourne,
Victoria, Australia

ABSTRACT: A worldwide interest is being generated in the use of fibre reinforced polymer composites (FRP)
in rehabilitation of aged or damaged reinforced concrete structures. The service life of concrete bridges is often
reduced due to the deterioration and increased traffic volume. Strengthening of an existing concrete structure
may also become necessary because of required increase in load carrying capacity. As a replacement for the
traditional steel plates or external post-tensioning in strengthening applications, various types of FRP plates, with
their high strength to weight ratio and good resistance to corrosion, represent a class of ideal material in externally
retrofitting. This paper describes a solution proposed to strengthen the reinforced concrete headstock of Tenthill
Creeks Bridge, Queensland, Australia, using FRP composites. Shear and flexural cracks were observed at some
locations on the beam. Thus, a decision was made to consider strengthening of the headstock using bonded FRP
laminates to increase load carrying capacity of the headstock in shear and bending. The relevant guidelines and
design recommendations were adopted in accordance with AS 3600 (2002) to estimate the shear and flexural
capacity of a rectangular cracked FRP reinforced concrete section.

1 INTRODUCTION

Rehabilitation and upgrading of existing civil engi-
neering infrastructure has recently become a major
issue which often requires immediate attention of asset
managers. There are a number of situations where
an increase in structural capacity or rehabilitation
of a bridge structure is required due to environment
effects, overloads, aging and design and construction
errors. Cost of repair and replacement of the defi-
cient structures are continuously rising. Even when
resources are available, extended time is often required
for performing needed remedies, causing distribution
of traffic and inconvenience to the traveling public.
Traditional repair, strengthening or replacement of
bridge components to resist higher design loads, cor-
rect deterioration-related damage, or increase ductility
has been accomplished using conventional materi-
als and construction techniques. Externally bonded
steel plates, steel or concrete jackets and external
post tensioning are just some of the many traditional
techniques available. Recent developments in fiber
reinforced polymer (FRP) composites have opened up
another cost-efficient alternative for rehabilitation and
strengthening of the aged concrete structures.

Strength of FRP composites come largely from
the fibers, which are usually glass, carbon, or
aramid. FRP materials are lightweight, non-corrosive,

non-magnetic and exhibit high tensile strength. Addi-
tionally, these materials are readily available in several
forms ranging from factory made laminates to dry
fiber sheets that can be wrapped to conform to the
geometry of a structure before adding the polymer
resin. The relatively thin profile of cured FRP systems
is often desirable in applications where aesthetics or
access is a concern (Nystrom et al. 2003).

Whilst there have been a number of reinforced con-
crete bridge girder strengthening projects completed
in Australia using FRP materials, in each occasion, an
overseas consulting company or an academic institu-
tion has been engaged to perform the structural design
and consultancy advice using different design guide-
lines (Kalra and Neubauer, 2003 and Shepherd and
Sarkady 2002). However, these are most of the time
one-off applications which did not lead to establish-
ment of general guidelines for designing strength-
ening schemes using the innovative FRP systems in
Australia.

This paper covers a case study of strengthening
of the Tenthill creek bridge headstock in Queensland
using FRP composites. The relevant guidelines and
design recommendations were adopted for the head-
stock in accordance withAS 3600 (2002) andAustroad
Bridge design code (1992) to estimate the shear and
flexural capacity of a rectangular reinforced concrete
section strengthened with FRP reinforcement. These
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recommendations may be used for the similar rehabil-
itation or strengthening cases in a state controlled road
network of Queensland, Australia.

2 DESCRIPTION OF THE CASE STUDY

The case study was selected after a number of discus-
sions with the Queensland Department of Main Roads
and identifying that the headstock of reinforced and
pre-stressed concrete bridge structures is currently the
weak link, which requires strengthening to satisfy the
current requirements of traffic and other loading.

The bridge studied in this report used to carry traf-
fic between Ipswich and Toowoomba over Tenthill
Creek in Gatton (Gatton Helidon Rd), Queensland,
Australia. This simply supported reinforced concrete,
pre-stressed-beam structure was built in 1970s. The
bridge is 82.15 m long and about 8.6 m wide and is sup-
ported by a total of 12 pre-stressed 27.38 m long beams
over three spans of 27.38 m. Side and cross views of
the Tenthhill Bridge are shown in Figure 1. The beams
are supported by two abutments and two headstocks.
A headstock elevation view is shown in Figure 2.

Figure 1. Photos of Tenthill bridge.

3 PRELIMINARY STRUCTURAL
ASSESSMSNT

The first stage of the rehabilitation of the bridge
headstock is identifying the headstock deficiencies.
Queensland Department of Main Roads (QDMR) has
a comprehensive asset management system of inspec-
tions, condition data, analysis and prioritization tools,
maintenance manuals, and heavy load routing systems
(Fenwick & Rotolone 2003).

The asset management system aims to maintain the
bridges in a condition that allows heavy vehicles free
access to all parts of the network. In other words, avoid
placing load restrictions on any bridge in the primary
(state-controlled roads) network. The Tenthill Bridge
has been observed to require immediate strengthening
to avoid such restriction.

The suitable rehabilitation system for the head-
stock is decided based on condition assessment of the
existing structure including establishing its existing
load-carrying capacities, and determining the condi-
tion of the concrete substrate. The overall evaluation
included a thorough field inspection, review of exist-
ing design or as-built documents, and a structural
capacity analysis in accordance with AS 3600 and
Austroads Bridge Design Code (1992). Existing con-
struction and operational documents for the bridges
was reviewed, including the design drawings, project
specifications, as-built information and past repair

Figure 2. Schematic view of the headstock.
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documentation. Austroads bridge design code (1992)
was used for assessment of the bridge to ascertain the
capacity of the bridge. The Gatton Helidon road over
Tenthill Creek is selected as functional Class 3 from
the Table 2.3.4 of Austroads code (1992).

3.1 Structural analysis

The headstock has been analysed as a portal frame
considering all necessary design situations and load
combinations according to Austroad Bridge Code
(1992) for ultimate limit state and serviceability limit
state. The grillage analysis (lane analysis) was used
to calculate traffic load on the headstock. The traf-
fic loading models of T44 and Heavy Load Platform
HLP 320 in one and two lanes were used in grillage
analysis. The computer program SAP2000 has been
used for structural analysis. Pre-stressed beams were
analyzed as simply supported beams to determine the
applied dead load from the secondary beams on the
headstock.

The strengthening target for ultimate bending
moment and shear force resulted from combination
of ultimate traffic loads of HLP 320 and permanent
effect (dead load). The ultimate bending moment of
5520 kN-m and ultimate shear force of 2525 kN and
serviceability bending moment of 2526 kN-m and ser-
viceability shear force of 1797 kN were then calculated
for the load combination.

3.2 Existing capacity of the headstock

In accordance with the Australian codes of practice
for structural design, the capacity analysis methods
contained in this section are based on ultimate limit-
state philosophy. This ensures that a member will not

Figure 3. The headstock cross-section.

become unfit for its intended use. The capacity analy-
sis results would be compared with structural analysis
results to identify the deficiencies. This approach sets
acceptable levels of safety against the occurrence of
all possible overload situations. The nominal strength
of a member is assessed based on the possible fail-
ure modes and subsequent strains and stresses in each
material.

A typical beam section of the headstock is shown
in Figure 3. The positive and negative flexural and
shear capacities of the section were calculated in accor-
dance withAustralian standardsAS 3600.The nominal
steel–rebars areas, nominal steel yield strength of
400 MPa for longitudinal reinforcement and 240 MPa
for shear reinforcement and nominal concrete com-
pressive strength of 20 MPa were used in the section
capacity analysis. The degradation due to corrosion of
the steel and creep and shrinkage of the concrete were
ignored.

The following assumptions form the basis for the
calculation of the ultimate strength of the concrete
element strengthened in flexure.

• Design calculations are based on the actual dimen-
sions, internal reinforcing steel arrangement, and
material properties of the existing member.

• The strain in reinforcement and concrete are directly
proportional to the distance from the neutral axis,
that is, a plane section before loading remains plane
after loading.

The residual flexural capacity of 3840 kN-m and
shear capacity of 2065 kN then calculated for the
headstock in accordance withAustroads Bridge design
code clause 5.8.1.2, clause 5.8.1.3 and clause 5.8.2.
Although calculated applied bending moments and
shear force in serviceability limit state are relatively
lower than structural capacity of the headstock, a deci-
sion was made to strengthen the headstock for ultimate
bending moments and shear and to contain the crack-
ing. The capacity analysis is based on strength of the
un-cracked reinforced concrete beam. Design codes
do not provide any guidelines on calculation of the
shear strength of a reinforced concrete beam with a
diagonal crack. This area requires further research. A
literature review indicated that a 15 to 20% reduction
in capacity could be expected in a beam with a diag-
onal crack compared to un-cracked shear strength of
the beam (Duthinh, 1999).

3.3 Observed cracks

The bridge has two headstocks supporting the pre-
stressed concrete beams. In headstock 1, flexural
cracking only is observed while headstock two, both
flexural cracking and shear cracking are observed.
A photo of the damaged headstock and a schematic
figure of the cracked beam are shown in Figure 4.
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Figure 4. Observed cracks in the headstock.

An overload case higher than HLP 320 most likely
caused the shear cracks.

4 FRP STRENGTHENING OF THE
HEADSTOCK

The structures division of QDMR has developed a
conventional solution for rehabilitation of the bridge
structure using external post-tensioning. After prelim-
inary analysis, it was decided to develop an innovative
new solution using Fibre Reinforced Polymer com-
posites for strengthening for purpose of comparison.
The details of the calculations are given identifying the
decisions faced by the designer at various stages of the
development of the innovative solution.

The applicability of FRP composites to concrete
structure for rehabilitation or capacity enhancement
has been actively studied in numerous research lab-
oratories and professional organization around the
world (ACI 440, 2002, CEB-FIB 14, 2002 and Bakis
et al. 2002). FRP reinforcements offer a number of
advantages such as corrosion resistance, non-magnetic
properties, high tensile strength, light weight and ease
of handling.

Initial discussion with the structures division of
QDMR has indicated that the there are some specific

concerns which inhibited ready acceptance of FRP
composites for regular strengthening schemes. These
stem from concerns about the lack of design guide-
lines in accordance with the Austroads code (1992),
brittleness of the failure modes in flexure as well
as de-bonding, lack of information on durability and
fire-resistance and difficulty in selecting a product to
suit a given application without completely relying
on the supplier of FRP products. In addressing these
issues, the published research on the topic has been
reviewed and a strengthening procedure was devel-
oped to apply these outcomes systematically to the
practical strengthening project of the Tenthill bridge.

4.1 Design guidelines

Since the use of FRP composites for strengthening
of reinforced concrete structures is a relatively new
technique, the development of design guidelines for
externally bonded FRP systems is ongoing in Europe,
Japan, Canada and the United States. Within the last
ten years, many design guidelines have been published
to provide guidance for the selection, design and instal-
lation of FRP systems for externally strengthening
of concrete structures. Applications of provisions of
the two major guidelines of Task Group 9.3 of the
international Federation for Structural Concrete pub-
lished bulletin 14 (FIB 14) and ACI Committee 440
in rehabilitation of the headstock were already cov-
ered and compared (Nezamian and Setunge 2004).
The following conclusions were drawn from the design
calculations and the comparison of the two guidelines.

• Both design guidelines adopt the same principal
of design to estimate shear and flexural capacity
enhancements of the strengthened member.

• The ACI guideline is more conservative in pre-
diction of flexural capacity enhancement for the
strengthened headstock. This is mainly due to the
use of an additional strength reduction factor of 0.85
applied to the contribution of FRP reinforcement.

• The FIB guideline uses a more accurate approach
to check de-bonding of FRP laminates from the
concrete substrate, which covers all possible bond
failure modes.

• Both design guidelines predicted almost the same
shear capacity enhancement for the strengthened
member.

In view of above finding, it was concluded that the
use of ACI 440 design guideline may be more appro-
priate for FRP strengthening applications in Australia.
The design concepts and philosophy used by ACI is
similar to those adopted by AS3600 (2002). However,
in considering the failure of FRP composites in de-
bonding and anchorage zones, use of FIB appears to
be more appropriate since it systematically covers all
possible scenarios.
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Figure 5. Idealised stress–strain curves for constitutive
materials at ULS.

4.2 Design of FRP system

In accordance with the Australian codes of practice
for structural design, the design methods are based
on limit-state design philosophy. This ensures that a
strengthened member will not fail at an accidental
overload during its design life with 95% confidence.
All necessary design situations and load combinations
would be considered, which were already outlined.
This approach sets acceptable levels of safety against
the occurrence of all possible failure modes.

The nominal strength of a member is assessed based
on the possible failure modes and subsequent strains
and stresses in each material (see Figure 5).

The design of the FRP composites involves assess-
ing the effects of the additional FRP reinforcement
provided to the section (designed assuming full com-
posite action) and the ability of transferring forces
by means of the bond interface. All possible failure
modes should be investigated for a FRP strengthened
section (Ganga Rao and Vijay 1998). In general, the
failure modes can be subdivided to those assuming
full composite action between the reinforced concrete/
pre-stressed concrete member and the FRP and those
verifying the different de-bonding mechanisms that
may occur. The state of the structure prior to strength-
ening is taken as a reference for the design of the
externally bonded FRP reinforcement. The strength
of strengthened member depends on the controlling
failure mode.

Table 1. Material properties of the Sika CFRP systems.

Tensile Elastic
strength modulus Elongation

Type (MPa) (MPa) at break (%)

CarboDur 2800 165000 1.7
Type S

Sika-Wrap 3500 230000 1.5
230C

Table 2. Material properties of the Mbrace CFRP systems.

Tensile Elastic
strength modulus Elongation

Type (MPa) (MPa) at break (%)

Mbrace CFK 2700 165000 1.4
laminates
150/2000

Mbrace 3800 240000 1.55
CF 130

Among the available FRP materials, carbon was
chosen for its better long-term performance. It was
decided to bond CFRP laminates to the tension face
of the beam section (bottom fibre) of the headstock
with fibres oriented along the length of the member
for positive flexural strengthening and use a com-
plete wrapping scheme with fibres oriented along
the transverse axis of the beam section for the shear
strengthening. After consulting with suppliers of FRP
materials inAustralia, it was decided to use Sika CFRP
laminate CarboDur type S for flexural strengthening
and Sika CFRP wet lay up type Sika-Wrap-230C.
Table 1 shows material properties of the proposed Sika
systems.

The Sika CFRP materials can be replaced by sim-
ilar MBT CFRP products of MBrace CFK laminate
150/2000 for flexural and MBrace CF 130 for shear
strengthening.Table 2 shows material properties of the
proposed Mbrace systems.

4.3 Flexural strengthening

In the section analysis for the ultimate state in flexure,
the ACI guideline follows well established procedures
using the idealised stress–strain curves for concrete,
FRP and longitudinal reinforcement.

These curves, along with the following assump-
tions, form the basis for the capacity analysis of a
concrete element strengthened in flexure.

• Design calculations are based on the actual dimen-
sions, internal reinforcing steel arrangement, and
material properties of the existing member being
strengthened.
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Figure 6. Internal strain and stress distributions for the beam cross section of the headstock.

• The strain in reinforcement and concrete are directly
proportional to the distance from the neutral axis,
that is, a plane section before loading remains plane
after loading.

• There is no relative slip between external FRP
reinforcement and the concrete.

• The shear deformation within the adhesive layer can
be neglected since the adhesive layer is very thin
with slight variations in its thick.

The cross section analysis identifies all possible
failure modes. Failure of the strengthened element
may then occur as a result of various mechanisms as
follows:

• Crushing of the concrete in compression before
yielding of the reinforcing steel.

• Yielding of the steel in tension followed by rupture
of the FRP laminates.

• Yielding of the steel in tension followed by concrete
crushing.

• Shear/tension de-lamination of the concrete cover.
• De-bonding of the FRP from the concrete substrate.

The cross section analysis indicated that the fail-
ure mode of the beam section of the headstock would
be the yielding of the longitudinal steel reinforcement
followed by concrete crushing, while the FRP is intact.
This is the most desirable failure mode, which satisfy
the safety requirements in ultimate state for a rein-
forced concrete section. The design bending moment
for the strengthened member was then calculated in
accordance with each design guideline based on well

Figure 7. Flexural strengthening scheme.

established principles of flexural design of reinforced
concrete beams. The design principles are shown in
Figure 6.

The design bending moment capacity was then
calculated based on the ACI design guideline. The
design bending moment capacity of 5854 kN-m was
calculated for strengthened section (see Figure 7)

4.4 Anchorage

Experimental investigations show that the FRP rup-
ture is a rare event and de-lamination of FRP strips
is more likely to occur before stress in the FRP reach

944



Figure 8. Shear strengthening scheme.

the ultimate level. De-bonding implies the complete
loss of composite action between the concrete and
FRP laminates. Bond failure will be a brittle failure
and should be prevented. The ACI guideline place a
limitation on the strain level in the laminate to pre-
vent de-lamination of FRP from the concrete substrate.
De-bonding of CFRP strips was checked based on
the ACI guidelines. The calculations indicated that
the strengthening system satisfies the requirements to
prevent the de-bonding failure.

Regarding the conclusions of the comparison
between the ACI and the FIB guidelines (Nezamian
& Setunge 2004), the following failure modes were
also considered to prevent de-lamination of FRP in
accordance with the FIB guideline.

• De-bonding in an un-cracked anchorage zone
• De-bonding caused at flexural cracks
• De-bonding caused at shear cracks

However the de-bonding failure of CFRP strips
in the strengthening of the headstock will be also

controlled by applying CFRP wrapping scheme for
shear strengthening (see Figure 8).

4.5 Shear strengthening

The design for shear strengthening of a reinforced
concrete member is based on truss model and super-
position principle with some considerations for the
orthotropic behaviour of the CFRP material. The shear
strength of a strengthened member is determined
by adding the contribution of the CFRP reinforc-
ing to the contributions from the concrete and shear
reinforcement.

Use of CFRP wrapping system increases the design
shear capacity of the strengthened member by 323 kN
based on the ACI design guideline. The CFRP shear
reinforcement is considered as contact critical shear
reinforcement. Hence, the ultimate failure does not
occur with de-bonding (see Figure 8).

4.6 Other issues

The ACI guideline suggested imposing reasonable
strengthening limits to guard the strengthened mem-
ber against failure of the FRP strengthening system
and collapse of the structure due to fire, vandalism,
or other causes. It is recommended that the existing
strength of the structure be sufficient to a level of load
as described by below Equation 2.

where SDL is dead load and SLL is live load. It is also
recommended that the strength of a structural mem-
ber with a fire-resistance rating before strengthening
should satisfy the conditions of Equation 3.

(Rnθ)existing is the nominal resistance of the member
at an elevated temperature, which can be determined
using the ACI 216R guideline.

Environmental conditions affect the performances
of the FRP system. The mechanical properties of
FRP systems degrade under exposure to certain envi-
ronments, such as alkalinity, salt water, chemicals,
ultralviolet light, high temperatures, high humidity
and freezing and thawing cycles. The ACI guideline
accounts for this degradation using the environmen-
tal reduction factor for the design material properties
of CFRP. The environmental reduction factor of 0.85
was used in design of shear and flexural strengthening
systems.
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4.7 Summary of strengthening scheme

The design of FRP strengthening system for the
Tenthill bridge headstock can be summarized as
follows:

• The flexural strength of the headstock can
be increased from 3800 kN-m to 5854 kN-m
by bonding four FRP unidirectional strips of 120 ×
1.4 mm to the tension face of the beam section (bot-
tom fibre) of the headstock with fibres oriented
along the length of the member (Figure 7).

• The shear strength of the headstock can be increased
from 2065 kN to 2711 kN by complete wrapping of
the beam with two layers of 0.13 mm thick carbon
fibres oriented along the transverse axis of the beam
section (Figure 8).

5 CONCLUSIONS

The use of CFRP laminate and CFRP wrapping
appears to be an effective way to strengthen theTenthill
bridge to provide additional flexural and shear capaci-
ties.The proposed strengthening scheme for the bridge
using FRP technology can be used as a basis for the
development of a decision support tool for rehabili-
tation of reinforced concrete bridge structures using
Fibre Reinforced Polymer composites. Through the
case study an appropriate design basis for use FRP
in strengthening has been developed comply with the
Austroad Bridge design code (1992) and in accordance
with the ACI design guideline.
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Retrofit of the Louisa-Fort Gay Bridge using CFRP laminates

C.C. Choo, T. Zhao & I.E. Harik
University of Kentucky, Lexington, Kentucky, USA

ABSTRACT: The Louisa-Fort Gay Bridge, in Lawrence County, Kentucky, is a four-span monolithic reinforced
concrete slab-girder bridge. It is located in the coal mining area in Eastern Kentucky. Inspection of the bridge
revealed severe flexural cracks in the girders. The initial analysis of the bridge indicated that the crack formation
may have resulted from heavily loaded trucks.A detailed moment–curvature relation analysis was carried out and
a flexural retrofitting scheme was conceived in which CFRP laminates were used.The retrofit of the bridge started
and finished in Fall 2003. Crack gauges were installed at the affected areas for post-strengthening monitoring.
The bridge will be monitored for a period of three years. This paper presents details of the bridge analysis and
description of the retrofitting scheme.

1 INTRODUCTION

1.1 Background

The use of fiber-reinforced polymer (FRP) composites
as repair and rehabilitation alternative in structures
is gaining significant worldwide acceptance due to
their multitude of attractive qualities, i.e. corrosion-
resistant, high strength-to-weight ratio, flexibility, etc.
Some of the common retrofit applications involving
FRP composites are: strengthening and repairing of
reinforced and prestressed concrete beams; repairing
of seismically deficient reinforced concrete columns,
piers, and bents; and retrofitting of walls and slabs
(Avramidou et al. 1999, Chajes et al. 1994, Ehsani
et al. 1999, Hamilton & Dolan 2001, Holloway &
Leeming 1999, Hutchinson & Rizkalla 1999, Khalifa
& Nanni 2000, Karbhari et al. 1999, Lam &Teng 2001,
Norris et al. 1997,Tan 1997,Yamakawa et al. 1999, and
Zhao et al. 2002). Repair of bridge structures involv-
ing FRP system has the added benefit that includes
reduction in the disruption of traffic due to shorter con-
struction time, and sometimes, allowing traffic while
work is being performed underneath the superstructure
(Simpson et al. 2004).

1.2 Objective and scopes

In this paper, the flexural repair and strengthening
project of the Louisa-Fort Gay Bridge using carbon
fiber-reinforced polymer (CFRP) laminates will be
presented. This paper details the four tasks of the
retrofitting process: (1) initial investigation which
includes field inspection, load and strength inves-
tigation, etc.; (2) detailed plans for the retrofitting

scheme; (3) construction phases and details; and
(4) post-retrofit bridge inspection and monitoring.

2 THE LOUISA-FORT GAY BRIDGE,
KENTUCKY, USA

2.1 Bridge description

The Louisa-Fort Gay Bridge is located in the min-
ing community of Lawrence County, Kentucky, USA.
The multi-span bridge crossing the Big-Sandy River is
composed of spans with steel plate girders and spans
with cast-in-place reinforced concrete girders acting
compositely with cast-in-place concrete bridge deck.
The approach spans (heading towards Louisa and Fort
Gay in Figs. 1 & 2) at both ends are steel composite
bridge spans, whereas the middle portion (Spans 4-5-
6-7) is reinforced concrete span. A schematic sketch
of the middle span is shown in Figure 3.

2.2 Preliminary investigation

Routine inspections of the 25-year old Louisa-Fort Gay
Bridge are performed on regular basis with inspection
intervals not more than 2 years apart. They revealed
severe flexural cracks in almost the entire middle rein-
forced concrete portion (see Figs. 4 & 5). Cracks
in girders are likely due to heavily loaded trucks –
5-axle trucks as heavy as 1000 kN has been recorded
traversing the bridge. The legal limit for such truck is
approximately 712 kN.

A finite element (FE) model was created for the
middle RC portion shown in Figure 3. Live load anal-
ysis for the spans was performed based on the recorded
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Figure 1. Direction towards Louisa.

Figure 2. Direction towards Fort Gay.

weight of the 5-axle truck (1000 kN total).The strength
of respective girders was determined based on avail-
able bridge plans by conducting a moment–curvature
relation analysis. A ‘layered method’ was used in
the analysis taking the nonlinear concrete stress/strain
relation into consideration. Steel stress/strain relation
includes the strain-hardening effect was used. For flex-
ural strengthening, the CFRP laminate stress/strain
model was characterized as linearly-elastic until fail-
ure. In the analysis, the failure of the section is
initiated when either concrete reaches its pre-defined
ultimate compression strain (AASHTO assumes
0.003) or CFRP laminate reaches its ultimate tensile
strain.

The analytical results confirmed that, except for the
girders in Span 5, all girders were indeed overloaded
to an extent where service limits allowed in the cur-
rent AASHTO provisions were close to being or have

Legends:

G ~ Reinforced concrete girder

P ~ Reinforced concrete Pier

S ~ Bridge span

To US 3

P3 P4 P5 P6 P7 

S4 S5 S6 S7
G1

G2
G3

G4
G5

G6
G7

G8
G9
G10

LouisaLouisa
(KY)

Fort Gay Fort Gay
(WV)

P5

S6

Figure 3. Middle reinforced concrete span of the
Louisa-Fort Gay Bridge.

Figure 4. Flexural cracks in RC girder.

been exceeded. As an illustration, service moment-
curvature and factored moment–curvature diagrams
were generated for one particular girder in the middle
RC portion (Girder 4 of Span 4), and the results are
presented in Figures 6, 7, & 8, respectively.

2.3 Retrofitting schemes

Studies conducted at the University of Kentucky
(Alagusundaramoorthy et al. 2002a & b) and success-
ful field applications (Simpson et al. 2004) in the state
of Kentucky, as well as at other research institutions,
have demonstrated that FRP retrofitting of concrete
structures is a viable option. Additionally, exploration
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Figure 5. Flexural crack located at the bottom of RC beam.
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Figure 6. Service moment–curvature relation.
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Figure 7. Factored moment–curvature relation.
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Figure 8. Moment–curvature relation for girder 4 in Span 4.

Table 1. Physical properties of CFRP laminates and fabric.

Sika® CFRP laminate

Product Thickness (mm) Width (mm) Area (mm2)

S 1012 1.2 100 120

Ref: Sika Corporation. 2003. Construction Products Catalog.
Lyndhurst, New Jersey, USA.

of alternative repair techniques and encouragement
at the state and federal agencies with programs such
as the Innovative Bridge Research and Construc-
tion (IBRC), etc, has made the restoration of the
Louisa-Fort Gay Bridge with FRP composites a reality.

At present, repair of the bridge is the only option as
replacement of the superstructure, in addition to being
very costly, will cause tremendous inconvenience to
the public and the local industries – this is especially
true for the coal industry. The bridge connects two
cities located at the border of Kentucky (Louisa) and
WestVirginia (Fort Gay), and is one of the few essential
routes for coal trucking in the region.

For this project, CFRP laminates produced by Sika®

Corporation were used as the primary repair material.
The physical and mechanical properties of the CFRP
laminates are presented in Tables 1 & 2. CFRP lami-
nates were used primarily to increase flexural capacity
of RC girders by attaching laminates to the bottom of
the beam. Scheduling of CFRP laminates is presented
in Table 3. Analytical results indicated that all girders
in Span 5, and griders 6 to 10 of Spans 4 and 6 did not
require any retrofit.

As an example, the moment–curvature response of
Girder 4 in Span 4 strengthened with three CFRP
laminates is presented in Figure 8.

2.4 Construction work

The flexural strengthening process is a two-step opera-
tion: (1) surface preparation; and (2) FRP application.
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Table 2. Mechanical properties of CFRP laminates and
fabric.

Sika® CFRP laminate

Tensile properties

Product Strength (MPa) Modulus (GPa) Strain (%)

S 1012 2800 165 1.69

Ref: Sika Corporation. 2003. Construction Products Catalog.
Lyndhurst, New Jersey, USA.

Table 3. Scheduling of CFRP laminates for flexural
strengthening.

Number of laminates required

Span 4 Span 6 Span 7

Girder 1 1 2 2
Girder 2 1 2 2
Girder 3 3 2 3
Girder 4 3 2 3
Girder 5 2 2 3

Figure 9. Surface preparation: grinding.

Since FRP application is bond-critical, the bonded
surfaces must be properly prepared. Surface prepara-
tion includes these additional operations: (a) surface
grinding and cleaning; and (b) concrete surface pull-
off strength testing. The grinding process resulted
in a sound surface that is rid of loose concrete and
other particles that may have accumulated over the
years. The process was successfully accomplished by
utilizing a hand-grinder as shown in Figure 9.

The cleaning process followed immediately after
surface grinding. This process was to ensure the clean-
ness of the concrete surfaces by removing any stain,

Figure 10. Application of CFRP laminates to the bottom of
Girder 5 in Span 6 by a trained worker on a movable crane.

debris, or other contaminants that might affect bond.
Mobile high pressure washer was used in this case
thoroughly clean the application areas of the girders.

The adhesive strength of the concrete substrate was
then verified by conducting pull-off testing according
to ACI 503 (1992). The test was performed at various
surface locations and confirmed that the concrete sub-
strate had tensile strength greater than the minimum
required of 1.4 MPa.

CFRP laminate application was performed after
the surfaces have been cleaned and dry. The process
began by first priming the concrete surface with epoxy.
CFRP laminates were also saturated with epoxy before
attaching them to the concrete surface. Once the lam-
inates were in place, they were lightly pressed with
a roller. Figure 10 shows a worker attaching a CFRP
laminate to the bottom of Girder 5 in Span 6.

Figure 10 shows that clamps are used to secure
the laminates in place along the girders as the resin
hardened.

2.5 Bridge monitoring after strengthening

The Louisa-Fort Gay Bridge is being monitored on a
regular basis, for a period of three years following the
retrofit completion in December 2003. Any distress in
the bridge will be detected by monitoring crack prop-
agation and movement. For that purpose, Avongard
crack gauges (Fig. 11) were installed on the affected
areas of the girders. The crack gauge shown in Fig-
ure 11 consists of two overlapping plexiglass/acrylic
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146 mm

32 mm

Figure 11. The avongard crack gauge.

plates. One plate is white with a black millimeter grid,
while the other is transparent with red crosshairs cen-
tered over the grid. Any movement of the crack will be
tracked if the crosshairs shift.

3 SUMMARY AND CONCLUSION

This paper reported the retrofit project of the 25-year
old Louisa-Fort Gay Bridge which is located in a min-
ing community in Eastern Kentucky, USA.The bridge,
connecting the cities of Louisa in Kentucky and Fort
Gay in West Virginia, is one of the most vital routes
for coal transportation in this region. The bridge is
multi-span having both steel composite portions at the
two approaches and a cast-in-place reinforced concrete
construction as its middle portion.

Field inspection of the bridge revealed severe flex-
ural cracks in the girders in the middle RC portion.
Initial indication was that these cracks may have been
caused by heavily loaded trucks. This notion was later
confirmed when detailed analyses were carried out.
A decision was finally made to strengthen the bridge
with funds provided by the Federal Highway Admin-
istration (FHWA) as replacing the superstructure is
not a viable option. The flexural strengthening was
successfully executed by using CFRP laminates.

From the experience with the Louisa-Fort Gay
Bridge, the following observations can be made:
(1) short construction time – the project started
in Fall of 2003 and was completed within weeks;
(2) minimal man power – only light-weight hand tools
were used and, two skilled workers were involved in
the retrofitting process; and (3) no traffic disruption –
the work was performed without closing any lanes to
normal daily traffic.

Crack monitoring gauges were installed at several
locations to monitor crack propagation and movement.
Thus far, no sign of distress has shown. The bridge will
be inspected on a regular basis for a period of three
years.
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ABSTRACT: Military composite bridges offer many unique advantages for the army including its lightweight
(high strength-to-weight ratio), as compared to current steel and aluminum bridges, as well as their superior
corrosion and fatigue resistance properties. This paper presents the results of a part of a comprehensive research
program sponsored by the US Army to develop innovative field repair techniques for military composite bridges.
In this paper, results of virtual testing and progressive failure analysis (PFA) simulation conducted on a Composite
Army Bridge (CAB) prototype are presented. The simulation was conducted using the state-of-the-art simulator,
GENOA, developed jointly by Alpha Star Corp and NASA. The virtual tests were performed on the composite
treadway under three different loading cases. The three cases used in this study are: (i) maximum static shear
loading case, (ii) maximum static flexural loading case and (iii) fatigue progressive failure analysis for the
maximum moment case loading. The simulation results matched well the full-scale laboratory test results. For
example, the variation between the maximum deflections predicted by the GENOA simulation for the maximum
shear and those obtained from the full-scale tests was only 3.2%. In addition, the location and type of damages
at the ultimate load were very close to those obtained from the full-scale laboratory tests.

1 INTRODUCTION

In the recent years, the use of advanced compos-
ites in building bridges and bridge components for
both military and civilian applications became an
attractive topic of research for many structural engi-
neers (DARPA (2000), Iyer (2002) and Mosallam and
Haroun (2003)). Composite bridges (Figure 1) provide
several attractive features including its lightweight
(high specific stiffness and strength), compared to
current steel and aluminum bridges, as well as its supe-
rior corrosion resistance properties that is preferred
in harsh environmental conditions. The lightweight
features of composites are attractive and essential
property in order to fulfill the goal of rapid operational
mobility of army vehicles. However, during hostile
battlefield conditions, damages are likely to occur
due to a variety of reasons including punctures from
rocks, impact loads from deployment/ handling, drop-
ping the structure from moderate heights and various
battlefield threats (Iyer (2002)).

In order to develop an effective repair methodology
for military composite bridges, and in order to verify
its validity through virtual testing, one should identify

Figure 1. The composite army bridge (DARPA (2000)).

(i) the most potential loading scenarios that would
cause damages to the bridge including extreme live
loading conditions, and (ii) loads that the “repaired”
bridge should withstand after being repaired.

The first part of this study involved calibrating
the materials constituent properties of the compos-
ite army bridge that will be used in demonstrating
and virtually verifying the smart repair technology
for military bridges. In the second part of the study,
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GENOA virtual testing and progressive failure sim-
ulations were performed on the composite treadway
under three different loading cases.

The three cases used in this study are: (i) Maximum
static shear loading case (Load Case 1), (ii) Maximum
static flexural loading case (Load Case 2), and (iii)
fatigue progressive failure analysis for the maximum
moment case loading (Load Case 3).

2 CALIBRATION OF MATERIALS
CONSTITUENT PROPERTIES USING
GENOA MCA & PFA CODES

2.1 Objective

The objective of this analysis is to calibrate the mate-
rials constituent properties of the CAB that are used
in demonstrating and verifying the smart repair tech-
nology for army composite bridges. This calibration
process is essential in developing both the NASTRAN
finite element (FE) and the GENOA Progressive Fail-
ure Analytical (PFA) models of the composite army
bridge before and after damage occurs as well as after
performing the smart repair process.

In order to gain confidence in the material prop-
erties that are used in evaluating the field repair
methodology and to ensure reliable results, calibration
of materials constituent properties that include weigh-
ing the effect of the braided tri-axial properties was
preformed.

2.2 Background

Material calibration is a backbone process of con-
stituent properties based on the laminate test data. The
purpose of this calibration process is to build a data-
bank to be used in for structural analysis of the bridge
structure. In addition, material calibration is necessary
because lamina and laminate manufacturing processes
involve many unknowns and variables that influence
product properties. The use of mechanical properties
supplied by vendors usually results in overestimating
both the lamina and laminate properties. The numer-
ical material calibration is similar to the concept of
coupon tests (virtual testing).

In this process, the GENOA code is used to calculate
the mechanical properties of each ply using best avail-
able constituent data (e.g. fibers, matrix, etc.). If the
calculated ply properties do not match the experimen-
tal data, then the constituent properties are adjusted
until the experiments and predictions are in agreement.
Ply properties are calculated from algebraic equations
that are functions of the constituent properties. For
a single set of fiber and matrix properties, there are
almost 50 different values that can be changed in
order for each of the ply properties to match any avail-
able data. Fortunately, each of the ply properties only

depends on about 2 to 10 different constituent prop-
erties, and is highly sensitive to only a few of those
constituent properties.Therefore, in trying to match up
each ply property at a time, only two or three variables
are manipulated between each prediction. The calibra-
tion process is performed by calculating ply properties,
comparing them to experimental results, manipulating
the constituent properties as needed. This process is
repeated until predictions match experimental results.
First, it should be assumed that the experimental results
are reliable and are measured from a ply whose con-
stituent properties were not measured at the time
of the experiment. The rest of the calibration pro-
cess/prediction matching occurs in series. The experi-
mental results are then set equal to the same results that
would be obtained from a mathematical, mechanics of
materials model of the ply of concern. Finally, the fiber
and matrix properties that would give similar mathe-
matical results are then sought. This becomes a root
finding problem, not a curve fitting process, for each of
the ply properties.At some point in the design space for
each ply property, the prediction will match the exper-
iment. Calculating ply properties using mathematical
models of composite materials and these inputs and
having the values match up to experiments is a good
accomplishment. It states that a set of fiber and matrix
properties, or design point, has been found that could
possibly be the same set of properties that might have
been measured from the plies tested experimentally.

2.3 Calibration procedure

The following are the typical procedure used in the
calibration process:

1. Prepare a databank with fiber/matrix properties as
close as possible to the calibrated fiber/matrix prop-
erties. The closer, the faster the calibration process.
Otherwise, the fiber/matrix properties provided by
vendors are used.

2. Understand the dependency of lamina proper-
ties on constituent properties using the sensitivity
module in GENOA-MUA (Materials Uncertainty
Analyzer).

3. Using GENOA-MCA (Material Constituent Ana-
lyzer), adjust fiber/matrix moduli in the databank
until the calibrated lamina moduli agree with the
lamina test data.

4. Adjust fiber/matrix strengths in the databank until
the calibrated lamina strengths agree with the
lamina test data.

5. If the composite laminate coupon test data is
available, simulation may be conducted for fur-
ther confirmation of the calibrated databank using
GENOA-PFA.

Steps 2 and 3 can be switched because the calibra-
tions of lamina moduli and strengths are not obviously
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coupled. Figure (2) shows the flowchart of the GENOA
calibration procedure.

2.4 Calibrated materials

A total of four different composite materials were cal-
ibrated in this task that comprise the structure of the
CAB (refer to Figure 3). Prior to performing the cali-
bration process, original mechanical information were
identified from DARPA (2000) report.

2.5 Calibration results

The results of the calibration process identified sev-
eral variations between the calculated properties and
those obtained from ASTM laboratory coupon tests,
especially in the shear moduli, strength and Poisson’s
ratios. As expected, the original and the calibrated
results for unidirectional laminates agreed well. Fig-
ures (4) through (7) present graphical presentation of
the results obtained from the calibration analysis for
different materials.

3 PROGRESSIVE FAILURE ANALYSIS

The maximum shear loading case (Load Case 1)
and the maximum bending loading case for MLC
100 described in DARPA (2000) report were simu-
lated using the GENOA code. In addition, a fatigue
progressive failure analysis was conducted for the
maximum flexural loading case (Load Case 2).

Figure 4. A comparison between calibrated and original mechanical properties of unidirectional laminates.

Figure 2. GENOA calibration procedure.

Figure 3. Types and geometry of fibers used in the FEM
analysis.
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Figure 5. A comparison between calibrated and original mechanical properties of 5HS laminates.

Figure 6. A comparison between calibrated and original mechanical properties of the biaxial laminates.

3.1 Load Case 1 (Maximum Shear)

The NASTRAN FEM model of the composite bridge
treadway was transformed into a GENOA numerical
model.The model consisted of 14,514 mixed elements.
A Progressive Failure Analysis (PFA) was performed

on this model for Load Case 1 (Max Shear) shown in
Figure (8).

Unlike the NASTRAN FEA, the GENOA analy-
sis is non-linear. Any damage or fracture calculated
to have occurred in the structure causes the model
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Figure 7. A comparison between calibrated and original mechanical properties of the triaxial laminates.

Figure 8. Static shear loading pattern (Load Case 1).

stiffnesses to change and the internal loads to redis-
tribute. Larger deflections would, therefore, result. In
the case of the CAB model, some damage occurs at
the working pressure level. In GENOA parlance, dam-
age and fracture failure are distinctly different pheno-
mena. Damage is defined as an intra-lamina event. One
or more plies in a laminate have failed. The laminate
still has a load bearing capacity albeit at a lower level.
The laminate properties are reduced for subsequent
GENOA analyses. Fracture occurs in GENOA when
laminate level failure has been reached at a node. The
GENOA model is modified at a fractured node by dis-
connecting it from adjacent, non-fractured elements.
This also results in an altered load path.When the accu-
mulation of damage and fracture causes the structure’s
load bearing capacity to drop to zero, it is considered
to have failed.

The maximum deflection at the working pressure
was 3.31′′ (84 mm) as compared to 3.42′′ (86.86 mm)
experimental value presented in DARPA (2000)
report. The variation between the experimental and

Figure 9. Generalized Nxy (lb-in) shear stress distribution
at the ultimate load [280 kips (1,245.44 kN)].

GENOA predicted maximum displacement was 3.4%.
The ultimate failure was a combination of local dam-
age of both the balsa wood and the composite sidewalls
of the bridge (refer to Figure 9). A summary of both
experimental and simulated results for the maximum
shear loading case is shown in Table (1).

3.2 Case 2 – Maximum moment

Similar to Load Case Load 1, the NASTRAN FEM
model was transformed into a GENOA numerical
model. A progressive failure analysis (PFA) using
GENOA simulation code was performed on the bridge
model for Load Case 2 (Max Flexural Loading) shown
in Figure (10) which is identical to the loading pattern
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Table 1. Summary of experimental and PFA results for Load
Case 1 (Max Shear).

Figure 10. Static flexural loading pattern (Load Case 2).

Figure 11. Nodes damage distribution at initial loading
level.

used in the full-scale laboratory tests performed and
described in DARPA (2000) report.

The GENOA-PFA simulation was initiated at a sin-
gle actuator load level of 107 kips (476 kN ).At this ini-
tial loading, no fractured nodes were formed. However,
a total of 105 local damages were calculated.Although,
no fractured nodes were observed, the number of local
ply damages increased (refer to Figure 11).

The last equilibrium was achieved at a load level
of 202 kips/898.50 kN per loading actuator which was
set to be the ultimate failure load. At this load level, a
total of 11 nodes were fractured resulting in ultimate

Figure 12. Zoom-In top view of damage distribution just
before the ultimate failure.

Figure 13. Ultimate failure of the composite bridge
treadway.

failure of the bridge.The node damage distribution just
before the ultimate failure is shown in Figure (11).

As mentioned earlier, the majority of the local dam-
ages were concentrated at the span’s mid-third in both
the deck balsa wood core and the composite side-
walls/web as shown in Figure (12). The concentration
of these localized damages led to the ultimate failure
of the bridge treadway as shown in Figure (13). The
location and mode of simulated failure were close to
those observed in the laboratory test that were reported
in DARPA (2000). The simulated maximum displace-
ment at failure was 6.87′′ (174.50 mm) as compared
to 6.80′′ (172.72 mm) as reported in Figure 142 of the
DARPA (2000) report.A comparison between the sim-
ulated and experimental actuators loads are presented
in Figure (14).

3.3 Progressive fatigue failure analysis
(Load Case)

The GENOA computational simulation is imple-
mented by the integration of three distinct computer
codes that are used as the modules of a progressive
fracture tracking code. These computational modules
are: (1) composite mechanics, (2) finite element anal-
ysis, and (3) damage progression tracking. The overall
evaluation of composite structural durability is car-
ried out in the damage progression module that keeps
track of composite degradation for the entire structure.
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Figure 14. Comparison between full-scale experimental
and GENOA predicted results for Load Case 2 (Max Flexural
Loading Case).

Figure 15. Generalized normal stress Nx distribution after
128,140 cycles (Fatigue Life) – top view.

The damage progression module relies on a com-
posite mechanics code (Nakazawa et al. (1987)) for
composite micromechanics, macromechanics, lami-
nate analysis, as well as cyclic loading durability
analysis, and calls a finite element analysis module
that uses anisotropic thick shell and 3-D solid elements
to model laminated composites.

The composite bridge treadway was subjected to a
cyclic loading up to failure. The fatigue analysis was
performed for the maximum moment load case (Case
2) as shown in Figure (10). The GENOA-PFA simu-
lation started at 5,000 cycles and was continued until
ultimate failure occurred. In this analysis, a degrada-
tion factor of 0.1 was used to construct the assumed
S–N relation with a stress ratio (R) equal to zero.

At the end of 11,250 cycles, the accumulative num-
ber of fractured nodes was five. As the number of
cycles increased, the number of fractures increased.
After 25,312 loading cycles, a total of 12 nodes were
fractured. The last equilibrium prior to the ultimate
failure was achieved after 128,140 cycles, which is
the predicted fatigue life of the composite treadway.
Figures (15) and (16) show the generalized Nx (lb-in)
stress distributions after 128,140 cycles. The damage

Figure 16. Generalized normal stress Nx distribution after
128,140 cycles (Fatigue Life) – bottom view.

growth was monitored using the modified-distortion-
energy-damage criteria.

The second part of the paper presented the numer-
ical results that was accomplished using GENOA
progressive failure simulation of the composite tread-
way under three different loading cases. The simulated
results matched well the full-scale experimental results
reported in DARPA (2000). For the fatigue case, a
comprehensive study is now in progress that compares
the simulated fatigue data with both the full-scale
laboratory and field cyclic tests that were performed
on both the treadway and a CAB prototype that was
subjected to actual field loading conditions.

4 SUMMARY AND CONCLUSIONS

In this paper, the results of two studies were presented.
The first part of this paper focused on calibrating the
materials constituent properties of the composite army
bridge that will be used in demonstrating and virtu-
ally verifying the smart repair technology for military
bridges. This calibration process is essential in refin-
ing both the NASTRAN finite element (FE) and the
GENOA Progressive Failure Analytical (PFA) models
of the composite army bridge before and after damage
as well as after performing the smart repair process.
The results of the calibration process identified several
variations, especially in the shear moduli, strength and
Poisson’s ratios. As expected, the original and the cali-
brated results for unidirectional laminates agreed well.
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ABSTRACT: The Gröndal Bridge, is a large freivorbau bridge (pre-stressed concrete box bridge), approxi-
mately 400 meters in length with a free span of 120 m. It was opened to tram traffic in 2000. Just after opening
cracks were noticed in the webs, these cracks have then increased, the size of the largest cracks exceeded 0.5 mm,
and at the end of 2001 the bridge was temporarily strengthened. This was carried out with externally placed
pre-stressed steel stays. The reason for cracking is still debated and will be further discussed in this paper. Nev-
ertheless, it was clear that the bridge needed to be strengthened. The strengthening methods used were CFRP
laminates in the Service Limit State (SLS) and pre-stressed dywidag stays in the Ultimate Limit State (ULS).
The strengthening was carried out during 2002. At the same time monitoring of the bridge commenced, using
LVDT crack gauges as well as optical fibre sensors.

To date, a large amount of data has been collected and the data is still under evaluation. Primary results show
that the largest stress can be referred to the temperature load and that the contribution from the live load is minor.
The results from the monitoring show that the CFRP laminates work as intended and that the cracks are not
propagating.

1 INTRODUCTION

1.1 Background

Over the past decade, the issue of deteriorating infra-
structure has become a topic of critical importance
in Europe, and to an equal extent in North America
and Japan. FRP (Fibre Reinforced Polymers) are today
used for various applications, such as reinforcement
in RC and PC structures, stay cables and newly built
structures. However, by far the most extensive appli-
cation is in repair and strengthening of existing struc-
tures. This strengthening technique may be defined as
one in which composite sheets or plates of relatively
small thickness are bonded with an epoxy adhesive to,
in most cases, a concrete structure to improve its struc-
tural behaviour and strength. The sheets or plates do
not require much space and give a composite action
between the adherents. The adhesive that is used to
bond the fabric or the laminate to the concrete sur-
face is normally a two component epoxy adhesive. The
old structure and the newly adhered material create a
new structural element that has a higher strength and
stiffness than the original.

The motivation for research and development into
repairing, strengthening and restoration of existing
structures, particularly concrete systems, is increas-
ing. If consideration is given to the capital that has

been invested in the existing infrastructure, it is not
always economically viable to demolish and rebuild a
deficient structure.

The challenge must be to develop relatively simple
measures such as restoration, reparation and strength-
ening that can be used to prolong the life of struc-
tures. This challenge places a great demand on both
consultants and contractors. Also, there could be dif-
ficulties in assessing the most suitable method for
an actual repair; for example, two identical columns
within the same structure can have totally different
lifespan depending on their individual microclimate.

The use of epoxy as the bonding medium for the
adherent has proven to give excellent force transfer.
Not only does epoxy bond to concrete, steel and com-
posites, it has also shown to be durable and resistant
to most environments.

1.2 History

The method of strengthening existing concrete struc-
tures with the use of epoxy adhesives originates
in France in the nineteen-sixties (L’Hermite, 1967),
(Bresson, 1971), where tests on concrete beams with
epoxy bonded steel plates were conducted. Even
though the method was used widely, it was not con-
sidered very successful.
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The drawbacks such as corrosion, the need for over-
lap joints, the heavy working loads during installation
and the need for pressure on the adhesive during hard-
ening could not be overcome. In the last decade the
plate bonding method has gone through a revival.
The reason for this is mainly the increased need for
retrofitting of our existing buildings and bridges. How-
ever, another very important factor is the introduction
of advanced composites to the civil engineering arena.
Fibre composites and reinforced plastics offer unique
advantages in applications where conventional mate-
rials cannot supply a satisfactory service life (Agarwal
& Broutman, 1990).

The high strength to weight ratio and the excellent
resistance to electrochemical corrosion of composites
make them attractive materials for structural applica-
tions. In addition, composites are formable and can
be shaped to almost any desired form and surface
texture. One interesting application of currently avail-
able advanced composite materials is the retrofitting
of damaged or structurally inadequate building and
bridges. In Switzerland, (Meier, 1987), one of the first
applications with the use of carbon FRP (CFRP) was
carried out at the end of the 1980’s, and since then
several thousand applications have been carried out
worldwide.

Clearly there is a great potential for, and consid-
erable economic advantages in FRP strengthening.
However, if the technique is to be used effectively,
it requires a sound understanding of both the short-
term and long-term behaviour of the bonding system. It
also requires reliable information concerning the adhe-
sion to concrete and composite. The execution of the
bonding work is also of great importance in order to
achieve a composite action between the adherents. Of
the utmost importance is to know the practical limits
of any proposed strengthening method.

1.3 Research at Luleå University of Technology

At Luleå University of Technology, Sweden, research
has been carried out in the area of plate bonding. The

Figure 1. The Gröndals Bridge, CFRP strengthening and monitoring area.

research work started in 1988 with steel plate bonding
and is now continuing with FRP materials. Both com-
prehensive experimental work and theoretical work
have been carried out.

Initially steel plates were used to strengthen mem-
bers. Currently, however, all research is focussed on
plate bonding using fibre reinforced polymer (FRP)
composite materials in which, carbon fibre composite
is the favoured material.

The laboratory tests have included strengthening for
bending as well as for shear (Täljsten, 2001). Full-scale
tests on strengthened bridges have also been performed
(Täljsten, 1994,Täljsten & Carolin, 1999 andTäljsten,
2000). In particular, the theory behind the development
of peeling stresses in the adhesive layer at the end of
the strengthening plate has been studied, as has the
theory of fracture mechanics to explain the non-linear
behaviour in the joint (Täljsten, 1994, Täljsten, 1996
and Täljsten, 1997).

In Sweden the FRP strengthening methods have
been used in the field for almost 10 years now, and both
laminates and wrap systems are used. Sweden is also
one of the first countries in the world where a national
code exists for FRP strengthening (Täljsten, 2003).

2 THE GRÖNDAL BRIDGE

2.1 Background

The main span of the Gröndals Bridge is 120 meters
with two adjacent spans each of 70 meters (see
Figure 1). The bridge carries two railway tracks which
are placed symmetrically about the cross-section of
the bridge. The bridge has no footpath.

Bridge inspection carried out on the newly built,
2000, Gröndals Bridge revealed extensive cracking in
the webs of its concrete hollow box-girder section. The
bridge is a part if a light-rail commuter line which
is located in the south of Stockholm. The cause of
cracking is still under investigation and has resulted
in several articles in Swedish construction industry
magazines (Sundquist, 2002 and Hallbjörn, 2002).
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The bridges were designed to the currently appli-
cable Swedish codes, BRO 94 and BBK 94. On the
basis of these regulations, it was possible to erect
the bridges with extraordinarily slender webs. Rela-
tively high shear stresses and principal stresses are
generated by the small web widths although the webs
are fully compressed considering the normal stresses
caused by pre-stressing in the longitudinal direction.
Furthermore, the permanent loads on the structure are
dominant.As the permanently exerted principal tensile
stresses reached the value of the tensile strength of the
concrete, shear cracks were finally created. In addition,
restraining bending moments have been superimposed
in the webs due to sun radiation. Assuming a linear
temperature difference of 10 to 15 K, this, together
with the other transverse bending moments, addition-
ally causes vertically directed tensile stresses in the
inside of the web amounting to approximately, sz = 2
to 3 MPa. The positions of the cracks in longitudinal
direction of the bridges correspond to the areas of the
maximum principal tensile stresses, (König, 2002).

The cracks first appeared after only a few years of
service and subsequent inspections showed that the
number and size of the cracks were increasing, (James,
2004). The cracks widths were between 0,1–0,3 mm
and in a few isolated cases between 0,4–0,5 mm in
the most cracked sections.(when was this- in 2000 or
2004?)

Preliminary investigations as to the cause of the
cracking suggested that they were due to inadequate
shear reinforcement in the webs. The webs are slender
with a thickness of 350 mm and a total height of the
box girder close to the main span supports of approx-
imately 7,5 m. In addition to that the flanges are quite
thick, the bottom flange at most is about 1300 mm.The
reasons for cracking can be summarised as follows:

• Due to the slender webs high tensile stresses are
developed.

• The principal stresses, due to high permanent loads,
are the main cause for cracking.

• The location of the cracks is in accordance with the
highest principal stresses.

• The cross-sections are under-reinforced due to shear
reinforcement.

To increase the safety level of the bridge strength-
ening was decided.

Because of the progressive nature of the cracking in
combination with wariness for shear cracks, the bridge
was temporarily closed for traffic towards the end of
2001.

2.2 Strengthening

The bridge required strengthening in several sections,
strengthening was needed both in the ultimate limit
state (ULS) and in the service limit state (SLS), but

in different sections. Strengthening in the ultimate
limit state was carried out by prestressed dywidag-
stays and in the service limit state by CFRP laminates.
Strengthening in the SLS was in this case particu-
larly complicated since for this type of structure the
portion of the dead load is considerable, approxi-
mately 85% of the total load. It was decided to use
high modulus carbon fibre laminates to strengthen the
bridge. The purpose of strengthening in the SLS was
to inhibit existing cracks and prevent new cracks from
developing.

Therefore the existing crack widths would be
reduced to no more than 0.3 mm (maximum allowed
crack width in the Swedish code in the SLS). The
design of the CFRP strengthening in the SLS is not
covered by existing codes and a fracture mechanics
approach was here applied where considerations to the
total energy to open up new cracks over a unit dis-
tance was taken. The design, due to limited space, is
not presented in this paper but the design philosophy is
discussed. The sections strengthened with CFRP lam-
inates had no or only very small cracks, <0,05 mm, at
time of strengthening. In this particular case strength-
ening performed in the SLS state will also contribute in
the ULS state. Carbon fibre strengthening was chosen
to prevent and minimise future cracks in areas where
minor or no cracking had developed. In the calcula-
tions the strain in the existing steel stirrups has been
calculated due to sectional forces. In the calculation
the following assumptions have been made:

• Calculation in Stadium I, non-cracked concrete.
• The crack widths are the limited factor.
• The cracks are not allowed to become larger than

0.3 mm after strengthening.
• The effect of pre-stressing has in the crack calcu-

lation been neglected but is accounted for when
calculating the internal forces.

• The concrete is only exposed to tensile stresses
perpendicular to the crack plane.

• Only vertical reinforcement in the webs has been
considered.

• The concrete starts to crack at approximately
100 µs.

• The first visible crack arises at approximately 0.05–
0.10 mm.

• Characteristic material data has been used in the
calculations.

The material data for concrete, steel and CFRP lam-
inates is given in Table 1. In the design it has been
assumed that the steel reinforcement may yield in the
crack tip for a crack width of 0.3 mm. However, bond-
ing CFRP laminates to the surface of the concrete at
development of cracks gives a stress (and strain) dis-
tribution between the steel and composite. The bridges
are very important for the commuters going from the
south parts of Stockholm into the centre of the town.
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Table 1. Material data for CFRP strengthening.

Characteristic value Design value

Concrete Eck 33.0 GPa Ec 22.9 GPa
fcck 32.0 MPa fcc 17.8 MPa
fctk 2.10 MPa fct 1.17 MPa
εcu 3.5 ‰

Steel Esk 200.0 GPa Es 173 GPa
fyk 490.0 MPa fst 371 MPa

As 2010 mm2/m
BPE® Efk 250 GPa Ef 189 GPa
laminates
1412M
(1.4 × 120 mm) εfk 11.0 ‰ εfd 5.0 ‰

Dimensions b 1.0 m d 3.8 m

For that reason it was undesirable that the bridges
were closed during strengthening. However, it has
been shown that strengthening with CFRP laminates
can be carried out during traffic (Hejll and Norling,
2002); therefore it was decided to permit traffic during
strengthening.

Before the strengthening work started the concrete
surfaces were sandblasted and holes were drilled in
the upper and lower flanges for anchorage of the lami-
nates. Laminates were only placed on the inside of the
bridge.

The surfaces were thoroughly cleaned with pres-
surised air and vacuum cleaners. The surfaces to be
bonded were treated with a primer for the system to
enhance the bond. The laminates were bonded to the
surface, the webs of the structure with a high qual-
ity epoxy adhesive, BPE® Lim 567, specific for the
strengthening system used. The Young’s modulus of
the adhesive is approximately 6.5 GPa at 20◦C. The
average thickness of the adhesive was 2 mm. A total
of 2 500 meters of CFRP laminates was used for the
bridge. The placement of the CFRP laminates in the
Gröndal Bridge in section A, the east side is shown in
Figure 1.

It can also be noticed in Figure 1 that the CFRP
laminates have been bonded at an angle of 70◦ to the
horizontal plane. This was in order that for the lam-
inates to be bonded perpendicular to the direction of
the cracks.

In Figure 2 the anchorage system is shown. Here,
steel plates with welded steel bars that were anchored
by epoxy bonding in pre-drilled holes in the top and
bottom flanges. The anchor length was approximately
250 mm.

The final result after strengthening is shown in
Figure 3.

To follow up the behaviour of the bridge over time a
monitoring system was installed.The system and some
results from the monitoring are explained in the next
section.

Figure 2. Anchor system for the CFRP laminates. The
anchorages are bonded with an epoxy adhesive in pre-drilled
holes in the flanges.

Figure 3. Result after strengthening – seen from inside the
bridge. This photo shows strengthening approximately from
section A to the column no. 8.

3 MONITORING THE BRIDGE

3.1 SHD system

When the first crack in the webs of the bridge was
found it would have been preferable if measurements
had been undertaken immediately. A visual inspection
has been carried out regularly, but unfortunately no
real measurements have been carried out. In spite of
this it has been decided to measure the behavior of
the bridges after strengthening, and in particular the
future crack developments. Consequently a monitor-
ing program has been put together. In this program
measurements have been suggested to be taken at
specific locations to measure crack development and
strain on the CFRP laminates.

To obtain the most out of a measurement program it
is important to carry out SHD (Structural Health Diag-
nostics) in a structured way and that a well-planned
procedure is followed. Luleå University ofTechnology
has worked out a method termed Structural Health
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Figure 4. Structural Health Diagnostic system.

Diagnostics (SHD), which in short implies that a rough
diagnosis is made on the structure; this can be sim-
ple calculations, on site visual inspections or minor
measurements. Next it is decided what is to be mea-
sured and the purpose with the measurement. In this
phase the acquisition system is also decided. Sensors
and communications systems are established as well
as hard- and software. On top of this, an evaluation
system is connected which connects the data from the
measurement to a model of the structure. From this
action plans are then suggested. In Figure 4 an example
on a SHD for a railway bridge is shown.

3.2 SHD system for the Gröndals Bridge

Two monitoring systems have been installed on the
Gröndals Bridge, one traditional monitoring system
using LVDTs (LinearVertical DisplacementTransduc-
ers), and one with Fibre Optic Sensors (FOS). The
first is used for continuously monitoring and the sec-
ond for periodic monitoring. The traditional system is
installed for monitoring the long term effect of the
crack development. The FOS system was installed
for two purposes; first to monitor crack development
and strain changes due to temperature and tram traf-
fic, second to increase the practical experience by
using FOS in field. In addition to this a comparison
between the two systems have been made. The tradi-
tional system has been installed and followed up by the
Royal Institute of Technology (KTH) in Stockholm,
(James, 2004) and the FOS system has been installed
and followed up by Luleå University of Technology
in collaboration with City University in London, UK.
(Täljsten & Hejll, 2004).

There are a total if six LVDT’s mounted on the
Gröndals Bridge, one of which is a dummy used to
verify the accuracy of the traditional monitoring sys-
tem. With exception of the dummy and a sensor, which
is positioned between the top flange and the web of the
box girder, all the LVDT’s are positioned across and
perpendicular to a crack so as to measure the opening
and closing of a crack.The placement of the gauges can
be seen in Figure 5. Four of the LVDT’s are mounted
on the inside on the west web of the box girder, one of
which is the dummy. One of the LVDT’s is mounted
on the inside of the east web. The last of the LVDT’s
is mounted between the top flange and the web of the
box-girder and measures the relative displacement of
the bridge deck to the web.

In addition two temperature sensors, thermocou-
ples, have been installed on the bridge and they are
both positioned on the east web of the box girder, one
on the inside and one on the outside, both belonging
to the traditional system.

In total 32 FOS gauges have been installed on the
Gröndals Bridge, they are all installed in section A
and section B, see Figure 1 and Figure 5. In sec-
tion A, 12 sensors have been installed on the west
side where three were used to compensate for the
temperature. Two of these sensors (including tem-
perature compensation) are positioned on a section
of CFRP laminates, the others on different loca-
tions of concrete cracks. On the east wall in thesame
section seven sensors are installed, five on the con-
crete (including temperature compensation) and two
on a CFRP laminate also here including temperature
compensation. In section B, west side, four sensors
have been positioned on the concrete, one of which
is for temperature compensation and two have been
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Figure 5. Position of gauges on the Gröndals Bridge.

Table 2. Sensors for monitoring.

Sensor Measure Sensor Measure

Section A (and C)
3372 Crack opening GAW1-6 Crack opening
3374 Crack opening GWR1-3 Strain concrete
3376 Dummy GAWC1 Strain CFRP
5/10G8 Displacement GAE1-4 Crack opening

GAEC1 Strain CFRP

Section B
3379 Crack opening GBW1-3 Crack opening

GBWC1 Strain CFRP
GBE1-4 Crack opening
GBEC1 Strain CFRP

positioned on a CFRP laminate, where one is for tem-
perature compensation. On the east side in the same
section six sensors have been positioned on the con-
crete, one for temperature compensation and two on a

CFRP laminate, of which one is for temperature com-
pensation. The placement of all the gauges is shown in
Figure 5.

As can be noticed in Figure 5 many gauges
have been placed on the bridge. The filled rectangular
blocks represent the LVDT’s and the open rectangular
blocks represent the thermocouples for the traditional
system. The FOS are represented by open circles.
In Table 2 the sensors are presented systematically.
For the FOS system the previously mentioned sensors
for temperature compensation shall also be included,
however, this is not recorded in Table 2.

4 RESULT FROM MONITORING

It is not possible to present all the results from the
measurements and therefore only the most interest-
ing values are presented, however all data from the
monitoring up to March 2004 may be found in James,
2004 and Täljsten & Hejll, 2004.

966



Figure 6. Result from crack-displacement with traditional
monitoring system, from (James, 2004).

The results from the monitoring are presented for
the traditional and FOS systems respectively.

4.1 Results from the traditional monitoring
system

The result from the entire year 2003 for the Gröndals
Bridge is shown in Figure 6 (James, 2004). It is not easy
to extract a single value of the crack behaviour. How-
ever, from the figure it is possible to see that the cracks
in the webs (indicated by sensors 3374, 3372, 3379 and
3377) do not appear to be of a progressive nature but
rather that the cracks open and close depending on
daily and seasonal temperature changes.

The crack widths of these gauges are not signifi-
cantly different at the start of 2004 than at the start of
2003, with the variation in the order of 0.02–0.03 mm.
The LVDT sensor (5/10G8) mounted between the
underside of the top flange and the inside of the west
web measures the longitudinal displacement in the top
flange in relation to the web.The displacement appears
from these results to be progressive even if the growth
rate has decreased over the later half of the year.

4.2 Results from FOS system

Before we discuss the result from the FOS system, a
brief discussion about the installation procedure and
the SHD system used will be presented. Before instal-
lation calculation of stresses in the chosen sections had
been carried out (Hallbjörn, 2002), however, these cal-
culations also considered the dead load of the bridge.
The monitoring systems installed can only follow the
relative changes with regard to temperature and live
load. The FOS system used has been developed at City
University in London and the University also took part
in the installation work, calibration and monitoring
of data. The FOS sensors are of type Bragg grating

Figure 7. Result from crack-displacement with FOS system
(Täljsten & Hejll, 2004). Start date for monitoring 21-05-04.

and at most 7 sensors were written on one fibre, the
length of each senor was approximately 20 mm. The
total time for installing and calibrating all the FOS sen-
sors was approximately 10 days, this corresponds with
the time it took to grind the concrete and CFRP lami-
nate and bond and protect the fibres. Monitoring was
carried out during May 2003 and over a time period
of 3 days (periodic monitoring). It was not possible at
that time to carry out a continuous monitoring due to
the high cost of the system. Nevertheless, to store the
data a portable hard disk was used, which was then
transported from the bridge to the office for further
evaluation of the data. Not all data has been evaluated
up to date and has been planned to repeat the monitor-
ing sequence during the next winter. However, it was
found that using this FOS system was convenient and
the installation procedure was quite simple.

This paper will not present results from all sensors
however, in Figure 7 crack displacement from sensors
GAW1 to GAW6 is shown. From Figure 7 it can be
seen that crack displacement for GAW3 is consider-
ably larger than for the others, here the FOS sensor
is placed in the same crack as the LVDT gauge 3372,
however during this time the crack displacement for the
LVDT is approximately 0,035 mm (this can not be seen
in Figure 6 due to the scale). The large variation over
time is due to daily variation in temperature. In Fig-
ure 7 small jumps may also be noticed, approximately
0,001 mm wide.

This is due to the tram traffic, it seems that the effect
of the temperature on opening and closing of the cracks
is tenfold to the traffic load.

Over the same crack as in Figure 7 a CFRP lami-
nate has been bonded, in Figure 8 the strain is recorded
in this laminate in the same position as the crack.
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Figure 8. Result from crack-displacement with FOS system
(Täljsten & Hejll, 2004).

A calculation of stress gives a level of approximately
30 MPa in the laminate.

5 SUMMARY AND CONCLUSIONS

In this particular project the most innovating part was
not to use CFRP laminates for strengthening, it was the
way the design of strengthening was carried out. By
using fracture mechanics in design and in combination
with CFRP laminates it was possible to (theoretically)
use the energy needed to open a crack to a certain size
and transfer that energy to the CFRP laminate, which
then redistributes the cracks and the distance between
the cracks over the length of the laminate. Therefore
a cost effective solution for strengthening in the SLS
(also contributing to the ULS) could be chosen and
finally carried out.

Both monitoring systems installed on the bridge
showed that the cracks were not propagating and that
the opening for the cracks was more or less negligible
The largest crack opening measured was approxi-
mately 0.06 mm. Furthermore, the temperature effect
was approximately 10 times larger than the effect from
the tram traffic. Monitoring will continue and it will
be interesting to follow the bridge over time.
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Condition evaluation and strengthening techniques for Kayakapi ruins
in Turkey

A. Turer & T. Eroglu
Civil Engineering Department, Middle East Technical University, Ankara, Turkey

ABSTRACT: Ruins of Kayakapi, which is located at Urgup town of Nevsehir-Turkey, will be converted to
a museum by Urgup municipality. The ruins include more than 70 (commonly multistory) residential blocks of
arched masonry construction and rectangular set of rooms carved into rocks. In addition to buildings, mosques,
Turkish bath, fountains, and churches exist including the house of St. Yuhannes who is a sacred figure for the
Orthodoxes.The restoration work is carried out by participants from private organizations, government, academia
and planned to be completed in 4 years. Structural integrity/stability of critically unstable portions and retrofitting
of the ruins are the focus of the study. This paper concentrates on the visual condition evaluation, emergency
measures, and strengthening techniques for Kayakapi ruins. Visual inspection of the existing masonry structures
and caves are carried out, structural emergency precautions and strengthening techniques are grouped under
separate headings for each predefined emergency type.

1 INTRODUCTION

1.1 Location of Kayakapi ruins

Kayakapi, a village of Urgup Town, is located in
Nevsehir-Turkey in Central Anatolia. Kayakapi is
located on Esbelli Rock, which is directly seen at
the town entrance. Kayakapi ruins settled on an area
of 16 km2 with more then 200 buildings in about 70
blocks. The location and general view of the Kayakapi
ruins are shown in Figure 1.

1.2 Historical importance of Kayakapi

In 1969 Kayakapi was declared as a “disaster area”
and the quarter has been abandoned since that time.
In 2001 Kayakapi has been selected a reservation and
restoration site by the Turkish Government.

The first church in Urgup carved into rock is located
among the ruins. In addition, there are two mosques
(one of them was caved into rock), a Turkish bath and
wells.

Long time ago, respectable Turkish and Greek
families were living together in this neighborhood.
St. Yuhannes who is believed to be a sacred person
by Greeks lived in Kayakapi. Every year on May 27th,
the house of St. Yuhannes is visited by many visitors
leaded by a Greek Patriarch. Kayakapi ruins are also
one of the Capadoccian sites, which have been defined
as a World Cultural Heritage by UNESCO. Seven of
Kayakapi structures have been included among World
Cultural Heritages so far.

Figure 1. The location and a general view of Kayakapi.

1.3 Historical background of ruins

A series of eruptions about 100 thousand years ago
from the Mt. Erciyes and Mt. Hasan covered the area
with a thick layer of volcanic ash.Volcanic ash is a rela-
tively soft material which can be carved. This property
of ground has allowed residents to shape rocks into
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today’s invaluable houses, churches, mosques, baths,
and caves. Earliest residents of the region go back to
VII millennium B.C. when Neolithic peoples settled
in Hacilar and Catalhoyuk. Cappadocia records indi-
cate settlementsV century B.C. (Paleolithic era) which
became a Persian satrapy in the mid VI century B.C.
Earliest written records regarding Kayakapi have dates
451 A.C.

1.4 Current study regarding the renovation

After Kayakapi has been declared as a conservation
area the municipality invited tenders to restoration and
open Kayakapi for tourism.

KA.BA – Conservation of Historic Buildings and
Architecture Ltd. is a private organization which
started working on “Urgup – Kayakapi Cultural and
Natural Environment Conservation and Revitalisa-
tion Project” with a restoration team including par-
ticipants from academia, private organizations, and
municipality.

The project is planned to be completed in 4 years.
The house of St. Yuhannes will be converted to a
museum in future and other buildings will be renovated
without changing their original properties.

1.5 Scope and objective of our team

The aim of METU structural team was to visit the
ruins, assess the condition of buildings in each sepa-
rate block, determine the emergencies – risky condi-
tions, and develop short-term/long-term precautions
and strengthening techniques.

2 CONDITION ASSESSMENT AND
COMMON DEFICIENCIES

The assessment work carried out by our team can
be grouped under four headings: “walls”, “arches”,
“caves”, and “rocks”. Walls and arches sections list the
common deficiencies and problems observed. Caves
section includes and MS-Excel based small software
to approximately determine the safety and load rat-
ing of cave roofs. The rocks section has suggestions
on slope stabilization for cracked unstable large rock
piece located at the entrance of the Kayakapi ruins.

2.1 Walls

Almost all of the garden walls, which are on the side
of road, have been eroded. Mortar between stones has
been lost. Stones forming the walls became smaller
and some fell down from their original places leaving
gaps in the walls (Fig. 2). Some walls are partially
collapsed, others are unstable.

A number of load carrying house walls have diag-
onal shear cracks which are attributed to differential

Figure 2. Erosion and dislocation of stones.

Figure 3. Eroded stones at the slopes.

support settlements. Some of the walls are used as
retaining walls to support steep slopes. The retain-
ing walls especially supporting road sides should be
repaired after dismantling and reassembling using sim-
ilar stone blocks. The erosion associated with the
mortar and stone blocks are mainly due to rain water.
Discharge of excessive rain water is required for pre-
vention of further erosion and safety of road carrying
steep slopes.

The lower parts of the walls (i.e. about 1 m height
from the ground) has larger extent of erosion which is
again attributed to humidity coming from the ground.
Temporary supported or unsupported wall segments
are unstable and exhibit very dangerous conditions
(Fig. 3).

Lintels are commonly used at window and door
openings to support the upper portion of the openings.
Although small arches are also common, two lintel
types and damages are frequently seen at Kayakapi.
These are wooden and stone lintels.

Almost all of the wooden lintels were taken out from
their places by poor local residents as burning material.
The remaining wooden lintels are decayed and sagged.
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Figure 4. Lost lintels, impending walls for collapse.

Figure 5. Arch feet erosion.

The stone lintels are either broken in to two pieces
with a deep vertical crack in the middle due to bend-
ing forces and/or less commonly eroded if exposed
to external agents such as water, freezing and thaw-
ing, wind, etc. The stone pieces above damaged lintels
are in impending collapse stage, presenting threat for
the walls and visitors (Fig. 4). Urgent precautions and
repair work will be explained in the following sections.

2.2 Arches

Most commonly noticed deficiencies on arches can be
grouped under three headings:

2.2.1 Stone disintegration at arch supports
Dissolutions at arch feet would allow vertical insta-
bility and lateral displacements, which are both very
dangerous for integrity of arches (Fig. 5). Emergency

Figure 6. Arch keystone erosion.

Figure 7. Laterally unsupported arches.

measures and possible strengthening techniques for
stone disintegration at arch feet are described in the
following sections.

2.2.2 Dissolved/dislocated keystones at
upper parts of the arches

The upper portions of the arches are sometimes eroded
due to type of the stone piece or water discharge
(Fig. 6).

2.2.3 Laterally unsupported arches
If supporting structure behind an arch has been lost
due to partial collapse or erosion, the arch would be
laterally unstable and may experience total collapse
especially when other conditions coexist such as
support decay (Fig. 7).

2.3 Caves

Majority of the caves are carved into soft rock which
easily disintegrates into a powder looking material.
The roofs of the caves are not carved into arch shapes
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Figure 8. Room carved into rock with thin slabs.

but they are rather rectangular. Multi storey rooms are
carved into rocks leaving thin slabs in between which
are partially collapsed (Fig. 8). Some of the houses
had residents until very recently. The houses carved
into stone had better condition if there were residents
in them. The residents of these houses applied regu-
lar maintenance which affected the condition of those
houses in a positive way. Some caves that were aban-
doned long time ago had experienced total or partial
collapses or were in very bad condition.

Some caves are carved underneath roads. The roads
become narrow trails; however a small car can easily
enter to the road at the entrance level. Small pickups
can enter to the site during restoration work and carved
spaces under roads can be dangerous.

A small spreadsheet program is developed to
approximately evaluate the load capacities of cave
roofs under their own weight and a point load acting
above them. The excel sheet calculates the load capac-
ities for 1) shear, 2) tension (45◦ to shear), 3) bending,
4) punching, and 5) compression strut failure condi-
tions; different factors of safety 6, 6, 2, 2, and 2 are
used, respectively and can be updated as necessary.The
smallest allowable load P is calculated by subtracting
self-weight effect from the total capacity of the cave
roof. Allowable tensile (Sc) and compressive stresses
(Sb), shear stress capacity (T), unit weights of cave
roof rock (Wk) and overlaying earth fill (Wt), effec-
tive roof width (b), rock depth (h), earth fill depth (t),
and length (L) are taken as variables.

2.4 Cracked unstable large rock blocks

Kayakapi ruins had numerous large massive boulders
rumbled down the hills. Several rocks at the higher
elevations look stable, but likely to come down some
time in the future if precautions are not taken.

At the entrance of Kayakapi region, there is a
large massive rock (Fig. 10) which has vertical cracks
showing indications of instability and presenting a

F.S. P
L= 2.5 m Bending 2 7.78125
b= 1.5 m Shear 6 10.17188
h= 0.75 m Tension 6 13.92188
t= 2 m Comp. strt. 2 174.711

Punching 2 115.7886
T= 10 kgf/cm2
Sç= 12 kgf/cm2 P= 7.78125 tons
Sb= 95 kgf/cm2

Wk= 1.3 t/m3
Wt= 1.8 t/m3

Figure 9. Excel sheet to calculate approximate capacity.

Figure 10. Partially instable large massive rocks.

dangerous condition. A number of solutions are devel-
oped for the stabilization of the large entrance rock,
which are discussed in Section 3.3.

3 RETROFITTING

This section concentrates on the emergency mea-
sures for structural safety of the Kayakapi ruins. The
retrofitting techniques commonly cover unstable
walls, arches, and rocks. The long time strengthen-
ing and restoration work is also mentioned as method
development stage.

3.1 Arches

The common problems about arches are summarized
in the previous section. Supports of an arch should be
carefully placed such that the axial load flow is not
disturbed. Therefore, probing directly underneath the
arch is not recommended in any case since some of
the arch stones can be dislocated and lost leading to
total collapse. Arches can be 45◦ probed from the front
or rear (Fig. 11a), close-to-vertically supported at the
support level (Fig. 11b), cross braced at the bottom
side of the curved section (Fig. 11c), or fully supported
underside with scaffolding (Fig. 12).
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(a)

(b)  

(c)

Erosion

Wooden
supports

Figure 11. Emergency measures for unstable arches.

Figure 12. Full scaffolding support for arches.

The cross braces and horizontal supports at the sup-
port level ensures the lateral stability of the feet which
otherwise might sway sideways and initiate total col-
lapse. The complete scaffolding underneath an arch
should be used when some of the load carrying stones
are significantly eroded or the arch shows indications
of poor load carrying capacity or instability such as
extreme deformation in its curved shape. The stone
erosion at the upper parts of the arch can be repaired
as the arch is fully supported underneath and top pieces
are replaced with new stones.

The erosion and section loss at the arch supports is
a problematic condition since the arch and all sup-
porting structure should be dismantled and rebuild
after the support is repaired, which is a too intrusive
and costly approach. Replacement of supports without
complete rebuilding is possible with full scaffolding
and vertical direct and friction supports at the footing
level (Fig. 13).

Wooden
members Steel

scaffolding

Erosion

Post
tensioning

Nuts

Steel
plates

Figure 13. Replacement of support stones.

To strengthen or replace an eroded arch or col-
umn foot, firstly whole area should be totally propped
up with steel members. To avoid smashing, wood
members can be placed on both sides of stones. After-
wards eroded foot can be replaced or strengthen. An
important thing is that the material, which is used for
renovation, must look like the same as original. If load-
ing on the area is too much, firstly loading must be
decreased if possible. This can be made through taking
down overlaying heavy stones.

The eroded support stone can also be retrofitted
using CFRP coating. The eroded portion is first
wrapped using a cylindrical CFRP layer and inside
is filled with expanding mortar. The confined portion
would be able to withstand large axial forces and the
view of the retrofitted section can be improved with
plastering outer surface with a mixture close to the
original stone material. The laboratory tests on axial
load capacity of wrapped mortar using FRP is planned
to be concluded by 2005.

A few instances of half arches are observed which
should be supported with props having angles close to
the discontinuous arch stone’s angle. Usage of at least
two props would enhance the stability of supported
node (Fig. 14). Props should be at least 10 cm by 10 cm
wooden sections or steel pipes.

Assuming the props will be slender, load carry-
ing capacities can be determined by Equation 1 and
allowable axial load capacity of P =A * σallowable.

where E = modulus of elasticity, I = Moment of iner-
tia, L = span length, and Pcr = critical axial load.
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Figure 14. Supporting half arches.

Figure 15. Massive and unstable walls.

3.2 Walls

There are several types of strengthening and preventive
measures, which should be applied individually or in
combination with others.

3.2.1 Propping with 45◦ inclined wood blocks
This precaution can be applied to walls, which have sta-
bility problems. The area, where the prop supports the
wall, should be covered with a wood panel in order to
spread the pressure. The end of the prop, which deliv-
ers loads to the soil, should also be fixed to ground.The
prop may be on both sides of the wall for improved sta-
bility. Missing lintel locations should not be supported
underneath but inclined, similar to arches.

Heavy walls (Fig. 15) or propping over long dis-
tances can be achieved by use of steel profiles instead
of wooden blocks. Large distances can be supported
using built-up columns with battened or latticed
connections.

3.2.2 Removal of unstable stones over the walls
Unstable stones over the walls can easily fall down
due to wind or earthquake. They should be fixed or
lowered to the ground level.

Cracks

Hydraulic
pump

Steel
plate

Wood members

Nuts

Figure 16. Wall post-tensioning.

3.2.3 Void fills
Empty spaces in the walls can be filled with mortar
or similar stone pieces based on the void/gap nature.
Vertical props can also be used as a short term remedy.
Temporary fixes are aimed to secure the remains while
long term permanent modifications should not change
original look of the walls. In some extreme cases, the
walls can be carefully disintegrated and rebuilt close
to its original form

3.2.4 Post tensioning
Some walls can be located next to a steep slope, where
propping is not suitable. If the wall is in a dangerous
condition, the wall can be stabilized by compres-
sion through post-tensioning. Steel bars, steel plates,
bolts, hydraulic pump, and wood cushion members
can be used to post-tension a masonry wall. A 30 tons
hydraulic pump would be sufficient to sequentially
tense three layers of tension belts as shown in Fig-
ure 16. The bars are locked in place using nuts at either
side of the wall after the wall is compressed by the
hydraulic pump. The wooden members on both ends
allow equal pressure distribution and prevent dam-
age to the wall members. The out-of-plane stability is
achieved by even pressure distribution among masonry
blocks in horizontal direction.Additional propping can
be placed on one side only this time which may carry
tension or compression.

3.2.5 Strengthening bottom portions of walls
Some walls have dissolutions particularly on bottom
portion up to level of 1 meter. The reason of this
issue is most probably due to soil moisture. At some
walls dissolution problem threatens the stability of
the wall. Water level should be lowered (using pumps
at wells) and lower portions of the walls should be
protected against moisture using chemical moisture
repellents, surface coatings, or penetrant type strength-
ening agents. The penetrant type chemicals fill cracks
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and air pores inside the stone and develop crystal
structure. Under this effect the resistance of stones
increases and water impermeability is achieved. But
since this application is irreversible, the effects of the
chemical should be investigated in detail conducting
experiments on test rocks at the site. Previous research
showed that chemical treatment may sometimes cause
more damage than normal aging.

3.3 Cracked unstable large rock blocks

The large rock blocks shown in Figure 10 can be stabi-
lized using a number of different approaches.The most
radical solution would be controlled demolition of dan-
gerous rock. The demolition can be carried out using
limited amount of explosives at a time or hammered
excavators after the neighborhood is evacuated.

Because the surface of the parent rock block is very
smooth, anchorage holes on the rock can be opened.
Through these holes tension bars can be extended to the
deep parts of the parent rock and fixed with anchorages
achieved by high strength concrete injection. On the
surface of the rock around anchorage holes steel plates
can be used in order to prevent bars from developing
stress concentrations.

The parent rock and the sliding rock block can be
stabilized together by surrounding them with many
web-like steel straps which are anchored to many foot-
ings at the parent rock. High strength grouting can be
injected to the crack in an attempt to increase adhesion
between two rocks. Compressive forces developed by
tensed steel straps will increase the friction forces on
the cracked surface improving the behavior.

Another alternative is supporting the sliding rock
block using an oversized reinforced concrete support.
This support may not look very nice, however it can
also become a mascot, marking the enterance of the
Kayakapi ruins.

4 CONCLUSIONS

The historic buildings in Kayakapi region are heavily
damaged in general with the exception of buildings
in which people lived until recent times. The remains
suffered from material degradation and erosion. Loot-
ing wooden lintels caused partial or full collapse of
the walls. Many arches resisted demolishing effects
of about two thousand years and still able to support
multi-storey houses. Mosques, churches, and Turkish
bath may still be considered as in good condition.

Rooms carved in soft rock suffer from material degra-
dation similar to majority of the rocks forming walls.

The main structural elements are grouped under
walls, arches, and caves. Walls suffered from total or
partial collapse due to wakening around the openings,
material erosion, and support related problems.Arches
dominantly have support and erosion problems. Caves
have large cracks and many have collapsed.

Retrofitting suggestions presented in this paper
are mostly short-term remedies to prevent prema-
ture collapses and related possible personal injuries.
The suggested techniques generally target to stabi-
lize the about-to-collapse cases. A few options are
developed to repair critical parts of structural systems
in a cost efficient and quick way, such as suspend-
ing upper structure while replacing footing stone
blocks instead of complete dismantling-rebuilding or
CFRP wrapping and grout injection while plastering
outer surface with some mortar layer that have mate-
rial properties close to the stone’s original texture
without replacing the stone and staying loyal to its
original. Post-tensioning of walls would increase out-
of-plane stability since brittle tensile bending stresses
are transformed into small and large compressive
forces on either face of the wall with constant, overall
post-tensioning stress.

A simplified spreadsheet evaluation program is
prepared in order to rate a number of cave roofs that
exist under the main road. The variables defining the
geometric and material properties of cave roofs are
easily modified, and the most critical loading type and
capacity can be approximately calculated. Structural
strengthening of caves is left out of this study since
caves with collapse risk will be filled with boulders
and concrete grout. Those risky caves which are too
valuable to lose may be strengthened using concrete
arches or steel frames which may also be covered by
plaster that looks like the original rock formations.
The decision will be made based on architectural and
conservational approaches.
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