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Preface

Various urban areas in the world are experiencing scarcity of land, and
the spatial expansion of buildings and structures is becoming increasingly
problematic. High-rise structures are the only solution to this problem. The
design, construction, and performance of such high-rise structures mostly
depend on the stability of the foundation systems. High-rise structures,
such as the Burj Khalifa building in Dubai or the proposed Kingdom Tower
in Jeddah, depend upon the performance of their foundation systems. This
book is the first to assemble the latest research on the analysis, design, and
construction of such foundation systems for high-rise structures.

Based on the authors’ own scientific research and extensive experience,
and those of researchers from engineering practices, Foundation Systems
for High-Rise Structures presents the theoretical basics of the analysis and
design of all types of foundation systems and explains their application in
completed construction projects.

This book deals with the geotechnical analysis and design of all types of
foundation systems for high-rise buildings and other complex structures
with a distinctive soil-structure interaction. The basics of the analysis of
stability and serviceability, necessary soil investigations, important techni-
cal regulations, and quality and safety assurance are explained, and pos-
sibilities for optimized foundation systems are given. Additionally, special
aspects of foundation systems, such as geothermally activated foundation
systems and the reuse of existing foundations, are described and illustrated.
To complete this book, a comprehensive chapter on the analysis and design
of foundation systems and the dynamic behavior of foundation systems for
high-rise structures has also been included.

At the end of each chapter, the reader finds an overview of the refer-
ences used, which is helpful for finding additional information in high-
quality literature. To understand the boundary conditions for analysis and
design of foundation systems, the standards and regulations are named
as well. Due to the complexity of the analysis, design, and construction
of the combined pile-raft foundation (CPRF), international guidelines on
CPRFs by the International Society for Soil Mechanics and Geotechnical
Engineering (ISSMGE) are also included in the Appendix.

xiii
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Chapter |

Introduction

According to the technical regulations, all types of foundation systems for
high-rise buildings and civil engineering structures have to be analyzed for
stability and serviceability. Analyses are based on the mechanical param-
eters of the soil and on the modeling of the soil-structure interaction. The
analysis of the stability and the serviceability of the following foundation
systems will be explained:

e Spread foundations, for example, strip foundations and raft
foundation

¢ Deep foundations, for example, pile foundations

e Combined foundations, for example, Combined Pile-Raft Foundations
(CPRF)

e Special foundations, for example, caisson foundations and well
foundations

The development of foundation systems related to the height of the super-
structure can be seen by the example of Frankfurt am Main, Germany,
where in the last decades several high-rise buildings were founded in the
settlement-active Frankfurt Clay (Figure 1.1).

This book covers the basics of stability and serviceability and the neces-
sary soil investigation parameters, the valid technical regulations, and the
measures to guarantee the four-eye principle. In addition, special aspects of
foundation systems such as geothermal use and the reuse of existing foun-
dations are described.
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Chapter 2

Basics of geotechnical analysis

2.1 SOIL-STRUCTURE INTERACTION

To ensure the stability and the serviceability of any project with sufficient
certainty, the interaction between the subsoil and the bearing structure
generally has to be considered. Therefore, an accurate theoretical model
for the description of this interaction is necessary. At the junction between
structural engineering and geotechnical engineering, the soil-structure
interaction is of enormous importance [1].

For a realistic and correct theoretical model of the three-dimensional
and often time-variant soil-structure interaction, the following have to be
taken into account:

® Modeling of the structure and its mechanical behavior

® Modeling of the soil and its mechanical behavior in relation to the
multiphase material soil

e Determination of the contact behavior between subsoil and structure

During the design process for the various elements of a structure, differ-
ent theoretical models can be used for considering the soil-structure inter-
action. The soil is not only a stabilizing or a loading element, but also, in
combination with other construction elements, it is a hybrid bearing sys-
tem. On the one hand, the loads from the structures create the main limit
state for the analysis of the stability of the structures and the foundation
elements. On the other hand, the settlements and differential settlements
in the soil cause the main limit state for the analysis of the serviceability of
the structures.

The soil is a part of the static system, but it may also add loading on
structures due to its own weight. Therefore, two construction types have
to be distinguished:

® Foundation systems (spread foundations, deep foundations, etc.),
which are sustained by the soil
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e Support structures (retaining walls, tunnels, etc.), which resist the
soil

For analysis of stability and serviceability, the material behavior of the
soil and the structure has to be taken into account. Often, elastoplastic,
nonlinear constitutive laws are used, depending on the stress level and the
velocity of the application of the load.

Moreover, the time-dependent effect of soil-structure interaction must
also be considered [2-5]. This effect is caused by

® Successive construction works involving structural changes and load
changes

Changes of the rigidity

Shifts of the load center

Successive excavation or deconstruction works

Successive installations, modifications or removals of anchors, stiff-
eners, and so on.

e Changes of the material behavior (creep, shrinkage, consolidation)

Thus, continuously changing static systems occur during the construc-
tion phases. Figure 2.1 shows the development of the qualitative defor-
mations and loads in the bottom of an excavation during a construction
project and the resulting deformations of construction elements that are
built at various times [1,6].

2.2 ANALYSIS ACCORDING TO EUROCODE 7 (EC 7)

After 30 years of development and implementation of the Eurocodes, an
integrative regulation of the analysis in civil engineering disciplines was
achieved. The Eurocodes are based on the principle of the partial safety
factor concept, which replaces the global safety factor concept.

Eurocode 7 (EC 7), consisting of two parts, was developed for geotechni-
cal engineering. The first part [7] contains general regulations, the second
part [8] contains the field investigations.

In Germany, for example, EC 7 was established with the following regu-
lations in December 2012:

DIN EN 1997-1 [9]

DIN EN 1997-1/NA [10]
DIN EN 1997-2 [11]
DIN EN 1997-2/NA [12]
DIN 1054 [13]

DIN 1054/A1 [14]

DIN 4020 [15]
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Figure 2.] Loads and deformations during the construction process. (From Katzenbach
et al., Handbuch fiir Bauingenieure: Technik, Organisation und Wirtschaftlichkeit.
Springer-Verlag, Heidelberg, Germany, 1471-1490, 2012; Katzenbach et al.,
Die Beriicksichtigung und Modellierung der Interaktion zwischen Baugrund
und Tragwerk ist fiir die Standsicherheit und Gebrauchstauglichkeit der
Konstruktion von entscheidender Bedeutung. Priifingenieur, Vogel Druck
und Medienservice, Germany, 44-62, 2013.)

These standards were integrated in user-friendly compendiums [16],
which are separated in the different parts 1 [17] and 2 [18].

2.2.1 Design situations

Eurocode 0 distinguishes the following design situations [19-23]:

e Permanent
e Transient

e Accidental
e Earthquake
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According to EC 7 [7] and DIN 1054 [13], the specification of the partial
safety factors is differentiated in the following design situations:

Permanent design situation BS-P (P=permanent)
Transient design situation BS-T (T =transient)
Accidental design situation BS-A (A =accidental)
Earthquake design situation BS-E (E=earthquake)

The first three design situations are in accordance to the previous loading
cases LF1, LF2 and LF3 of the former DIN 1054 from the year 2005 [24].
The design situation BS-E has since been added. The characteristic of the
design situation BS-E is that no partial safety factors are included in the
analysis that leads to a factorization of 1.0.

According to the design situations and the different ultimate limit states,
the partial safety factors are represented in Tables 2.1 through 2.3 [13].

To determine the partial safety factors, the approved level of safety of the
global safety factor concept was preserved. For example, the result of an
analysis of a foundation system using the partial safety factor concept leads
to similar results of analysis using the global safety factor concept.

2.2.2 Ultimate limit state (ULS) and
serviceability limit state (SLS)

Generally, analysis of the ultimate limit state (ULS) and the serviceability
limit state (SLS) have to be carried out. Analysis of the ULS should elimi-
nate the threat of damage to properties and human life. The analysis of the
SLS should ensure the long-term usability (functional reliability).

In geotechnical engineering as well as in other parts of civil engineer-
ing, five different limit states are defined [7,9,10,13,14,19,20-22]. Table 2.4
compares the limit states of the previously applicable DIN 1054 and the
current regulations [7,9,10,13,14].

Regarding the ULS, the design values of the loading E, are opposed to
the design values of the resistance R, of a structure or a structural element.
E <R, has to be observed.

SLS problems are those that restrict the usability or function of a struc-
ture, the well-being of its inhabitants, or the appearance of a structure.

Regarding the SLS, the design value of loading E; has to be smaller than
the design value of the decisive serviceability criterion C,. E;<C, has to
be observed. Usually, the partial safety factors are 1.0 for analysis of SLS.

2.2.3 Rules for combination factors

In line with the implementation of the Eurocode, the application of combi-
nation factors in geotechnical engineering was adopted. In this regard, con-
sideration is given to the probability of a simultaneous effect of the variable
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Table 2.1 Safety factors for influences and loads according to DIN 1054

Design situation

Influence resp. load Symbol  BS-P BS-T  BS-A
ULS HYD and Destabilizing permanent Yo, dst 1.05 .05 1.00
UPL influences®
Stabilizing permanent influences Y5t 095 095 095
Destabilizing changeable Yo dse 1.50 130 1.00
influences
Stabilizing changeable influences Ya.stb 0 0 0
Flow stress in favorable soil Yu 135 130 1.20
Flow stress in unfavorable soil Yh 180 160 1.35
EQU Unfavorable permanent loads Yo dse I.10 .05 1.00
Favorable permanent loads Yo.stb 090 09 095
Unfavorable changeable loads Yo 1.50 1.25  1.00
STR and Loads resulting from permanent Yo 135 120 I.10
GEO-2 influences in general®
Loads resulting from favorable Yainf 1.00 .00 1.00
permanent influences®
Loads resulting from permanent Ye.0 120 [.10 1.00
influences of the at-rest earth
pressure
Loads resulting from unfavorable Yo 1.50 130 1.10
changeable influences
Loads resulting from favorable Yo 0 0 0
changeable influences
GEO-3 Permanent loads? Yo 1.00 .00 1.00
Unfavorable permanent loads Yo 130 1.20 1.00
SLS Permanent influences resp. loads Yo 1.00
Changeable influences resp. loads Yo 1.00

Source: Deutsches Institut fir Normunge.V. (2010): DIN 1054 Subsoil—Verification of the Safety of
Earthworks and Foundations—Supplementary Rules to DIN EN 1997-1. Beuth Verlag, Germany,
table A 2.1.

2 Including a permanent and changeable water pressure.
® Only if the determination of the value of the tensile load considers a simultaneously compressive
load.

loads in full size. According to the combination rules, only the main influ-
ence Q, is considered in full size combined with a simultaneous influence
of different changeable loads. All further loads, the so-called accompany-
ing loads Q,; are attenuated by a combination coefficient.

2.2.4 General procedure of analysis

Despite the switch from the global safety factor concept to the partial safety
factor concept, the essential procedures of analyses in the ultimate limit



8 Foundation Systems for High-Rise Structures

Table 2.2 Safety factors for geotechnical values according to DIN 1054

Design situation

Soil parameters Symbol ~ BS-P BS-T  BS-A
HYD and Friction coefficient tan(¢p’) of the Yorr You 1.00 1.00 1.00
UPL drained soil and friction coefficient
tan(¢g,) of the undrained soil
Cohesion ¢’ of the drained soil and Yeir Yeu 1.00 1.00 1.00
shear strength c, of the undrained soil
GEO-2  Friction coefficient tan(¢’) of the Yo You 1.00 1.00 1.00

drained soil and friction coefficient
tan(¢q,) of the undrained soil

Cohesion ¢’ of the drained soil and Yer Yeu 1.00 1.00 1.00
shear strength c, of the undrained soil
GEO-3  Friction coefficient tan(¢’) of the Yorr You 125 LI5 I.10

drained soil and friction coefficient
tan(gp,) of the undrained soil

Cobhesion ¢’ of the drained soil and Yo Yeu 125 115 1.10
shear strength c, of the undrained soil

Source: Deutsches Institut fiir Normunge.V. (2010): DIN 1054 Subsoil—Verification of the Safety of
Earthworks and Foundations—Supplementary Rules to DIN EN 1997-1. Beuth Verlag, Germany,
table A 2.2.

Table 2.3 Safety factors for resistance according to DIN 1054

Design situation

Resistance Symbol ~ BS-P BS-T  BS-A
STRand  sgil resistances
GEO-2  Eyrth resistance and base failure resistance YreVry 140 130 120
Sliding resistance Yrh .10 1.10 1.10
Pile resistances determined by static and dynamic pile load tests
Base resistance Yo .10 1.10 1.10
Shaft resistance (pressure) s .10 1.10 1.10
Total resistance (pressure) Ye .10 1.10 1.10
Shaft resistance (tension) Yer .15 1.I5 115

Pile resistances on the basis of experience
Pressure piles Yoo Vs Ve 140 140 140
Tension piles (only in exceptional cases) Yer 1.50 1.50 1.50

Pull-out resistances

Soil resp. rock nails Ya 140 130 1.20
Grout body of grouted anchors Ya .10 1.10 I.10
Flexible reinforcement elements Ya 140 130 1.20

Source: Deutsches Institut fiir Normunge.V. (2010): DIN 1054 Subsoil—Verification of the Safety of
Earthworks and Foundations—Supplementary Rules to DIN EN 1997-1. Beuth Verlag, Germany,
table A 2.3.
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Table 2.4 Comparison of the acronym of the ultimate limit state design according to
DIN 1054 [24] and EC 7 [7,9,10,13,14]

DIN 1054:2005-01 EC 7-1 and DIN 1054:2010-12
Description Acronym Description Acronym
Loss of static equilibrium ~ GZ IA  Loss of static equilibrium/tilting EQU

(equilibrium)
Buoyancy (analysis as GZ |A) UPL (uplift)
Hydraulic failure (analysis as GZ HYD
1A) (hydraulic)
Failure of constructions GZ IB  Failure of the structure or its STR
and constructions elements (structural)
elements due to failure Failure of soil (analysis as GZ GEO-2
in the construction or IB)

in the supporting soil
Limit state of the loss of ~ GZ IC  Failure of soil (analysis as GZ |C GEO-3
overall stability (Fellenius-rule))

and serviceability limit states were preserved. All analyses, except GEO-3,
are based to a factorization of the forces by partial safety factors. The char-
acteristic values of the loads (e.g., loads from superstructure, earth pres-
sure, water pressure) lead to characteristic values of the forces and stresses
(e.g., stresses under foundation raft at analysis of the base failure or sliding)
and lead to characteristic values of the resistances (resistance of base failure
or resistance against sliding).

In the limit state of GEO-3, analysis 3 is implemented with attenuated
shear parameters. Consequently, the calculation of the forces and stresses
is based on the design values.

All characteristic values of forces and stresses of any kind of structure
are essential as input parameters for the geotechnical analyses. Figure 2.2
shows the general procedure of analysis.

2.2.5 Geotechnical categories

The determination of minimum requirements in relation to the geotechni-
cal investigations, analyses, and monitoring depends on the geotechnical
categories GC 1 to GC 3 [7,8]. The classification to one of the three geo-
technical categories has to be carried out before the planning of the soil
investigation program. The criterion that causes the highest geotechnical
category is decisive. If necessary, the classification has to be adopted during
the planning and construction phases.

The geotechnical category GC 1 comprises construction projects with a
low level of difficulty with regard to the soil and the structures:

e Simple, predictable soil conditions (horizontal or slightly inclined sur-
faces, and based on local experience, stable soils with little settlement)
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Figure 2.2 General procedure of the analysis.

e Groundwater level is below the excavation or the foundation level

e Non-settlement-sensitive structures with spread foundations and ver-
tical column loads up to 250 kN and strip loads up to 100 kN/m, such
as family houses, single-floor halls, or garages

e Structures where analysis of stability regarding earthquake loads are
not needed, in accordance to [25]

e Neighboring buildings, infrastructures, pipes, and so on are not
endangered by the stability or usability of the new structure or the
necessary construction processes

Examples of structures that are classified to the geotechnical category
GC 1:

e Single and strip foundations where the requirements for the simplified
procedures of analysis are fulfilled

e Foundation rafts under well-braced structures with a maximum of
two levels above surface

e Retaining structures up to 2 m in height and without high loads rear-
ward against the wall
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The geotechnical category GC 2 comprises construction projects with
conditions of a medium level of difficulty with regard to the interaction
between the soil and the structure:

Average soil conditions that are not included in GC 1 or GC 3

Free groundwater level that is higher than the excavation or founda-
tion level

Groundwater flow or dewatering that could be implemented by com-
mon measures without injurious impact the neighborhood

Common buildings and civil engineering structures on single founda-
tions, strip foundations, foundation rafts, or pile foundation systems
Structures, where analysis of stability regarding earthquake loads are
needed, in accordance with [25]

Construction projects that do not have an injurious impact on the
neighborhood and surrounding area due to robust constructions (e.g.,
non-permeable retaining systems with stiff bracings)

Examples of structures that are classified to the geotechnical category GC 2:

Common single foundations, strip foundations, and foundation rafts,
which are not included in GC 1 or GC 3

Pipe ditches and trenches up to a depth of 5 m

Retaining structures up to a height of 10 m

Construction projects that require an analysis of safety against buoy-
ancy of non-anchored construction

Construction projects that require an analysis of safety against
hydraulic failure

The geotechnical category GC 3 comprises construction projects with
conditions of a high level of difficulty with regard to the interaction between
the soil and the structure:

Young geological deposits with irregular stratifications respective to
unsettled geological formations

Soils that tend to creep, flow, heave, or shrink

Cohesive soils, where the residual shear strength could be decisive
Cobhesive soils without sufficient ductility, for example, structure-
sensitive sea clay

Soft, organic, and organogenic soils with a large thickness

Rock materials that tend to decay or dissolve, or variable solid rocks
Rock that is unfavorable, crossed by interference zones and partition
surfaces

Mining sinkhole areas, or areas with collapsed sinkholes or unse-
cured hollows in the underground

Uncontrolled backfilling
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¢ Confined groundwater

e Structures with high security requirements or high sensitivity for
deformations

e Structures with exceptional load combinations that are decisive for
the foundation

e Structures that are loaded by a water pressure height of more than 5 m

e Facilities and construction projects that change the groundwater level
temporarily or permanently in combination with risks for neighbor-
ing buildings

e Structures that belong to the categories of significance III and IV in
accordance to [25], which requires an analysis of stability with regard
to earthquake loads

e Structures or construction projects where the observational method
has to be applied in addition to the common analyses of stability and
serviceability

Examples of structures that are classified to the geotechnical category GC 3:

e Construction projects with a distinctive soil-structure interaction,
for example, mixed foundations and foundation rafts

e Structures with significant and variable water pressure influences

e Structures with extremely high loads, for example, single loads of
10 MN and more

e Foundations for bridges with large spans, for example, 40 m, and
with static indeterminate supported superstructures that would be
influenced by constraining forces owing to different settlements of
the supporting pillars and abutments, as well as integral bridges

e Machine foundations with high dynamic loads

¢ Foundations for towers, transmitter masts, and industrial chimneys

e Extended raft foundations based on a soil with various degrees of
stiffness in groundview

e Foundations in the vicinity of existing buildings, if the conditions
according to [26] do not apply

e Structures with different foundation levels, or with different founda-
tion elements

e Combined Pile-Raft Foundations (CPRF)

e (Caisson foundations combined with compressed air

e Underground constructions, tunnels, studs, and shafts in soil or frac-
tured rock

* Nuclear facilities

e Offshore constructions

e Chemical plants and constructions where dangerous substances are
produced, stored, or handled

e Special methods and techniques, for example, diaphragm walls and
jet grouting
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e Retaining structures with a height of more than 10 m, or excavations
in soft soils

A comprehensive review of examples for the classification to geotechnical
categories 1s given in [16].

2.3 SOIL INVESTIGATION ACCORDING
TO EUROCODE 7 (EC 7)

By the implementation of EC 7, the basic regulations for soil investigation
all over Europe are defined. The national application of the regulations,
for example, in Germany, is given by [11,12,15] and is summarized in [17].

A sufficient knowledge of the soil and groundwater conditions is essential
for a secure and economical design of foundation systems. The difficulty
of soil investigations is that even with an extensive investigation program,
less than 0.1 per mill of the volume of the soil influenced by the structure
is determined, as shown in Figure 2.3 [27,28]. Also, the interpretation and

Structural analysis - Accesible structures

Defining the material - Defined and quality
parameters checked materials
- N 1
Geotechnics tm—— - Invisible soil

- Sample volume < 0.1 per
mill of the affected soil
volume

Determination of the
in situ status of the
soil

Figure 2.3 Determination of the material parameters in structural analysis and in
geotechnics.
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evaluation of the investigation results can vary; this is shown in Figure 2.4
by two direct ground explorations, for example, core drillings. The stratig-
raphy between the two explorations could either be continuous soil chang-
ing or a shifting soil changing.

2.3.1 Soil investigation program

An adequate soil investigation program is adapted to address the com-
plexities of each geotechnical category. An investigation program con-
tains different measures: in situ measures taken at the project area,
and measures determined by geotechnical laboratory tests, as shown
in Figure 2.5 [29]. For construction projects that are classified to the
geotechnical category GC 2 or GC 3, a geotechnical expert has to be
involved.

The soil investigation in situ is divided into direct and indirect investi-
gation measures. Direct investigation measures are, for example, testpits,
core drillings and in situ field tests. Indirect investigation measures are, for
example, driving and cone penetration tests, as well as geophysical measur-
ing methods. The soil mechanical parameters are determined by laboratory
tests.

An adequate soil investigation program consists of three parts:

e Preliminary investigations concerning the location and preliminary
draft of planning and design

e Main investigations

e Checkups and measurements during the construction phase

The preliminary investigations are necessary to verify the proposed
location at an early planning stage. Available information about soil and
groundwater conditions is collected and complemented by additional inves-
tigations, which are conducted in a rough grid.

The main investigations provide the basis for the detailed planning,
design, tendering, and construction. The main soil investigation program
is adapted to the level of difficulty and comprises direct and indirect inves-
tigation measures and experiments in the laboratory and in the field with a
suitable investigation grid.

The checkups and measurements take place during the construction phase
and are carried out according to the principles of the observational method.
These investigations are necessary if unpredictable soil and groundwater
conditions are expected or detected. The checkups and measurements dur-
ing the construction phase aim to verify the main investigation, the analy-
sis, and the design.

Further details regarding the type and extent of an adequate soil investi-
gation are described in [30].
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Boring 1 Boring 2

(b)

(0)

Figure 2.4 Example of the results of the soil investigation by borings (a) and its possible
interpretation (b and c).
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| Soil investigation |

In situ Laboratory

Direct Indirect
(only in combination with
direct soil investigations)

Figure 2.5 Soil investigation.

2.3.2 Soil investigation for foundation systems

The content of the soil investigations for the construction of foundation
systems is essentially influenced by the investigation grid and the investiga-
tion depth and depends on the type of the structure, the foundation system,
and the expected stratigraphy. Table 2.5 shows the investigation grid of
different structures according to EC 7.

The depth of the soil investigation depends not only on the type of struc-
ture and the stratigraphy, but also on the foundation system and its geo-
metric dimensions.

The investigation depth z, (in meters) of spread foundations is shown
in Figures 2.6 and 2.7. The investigation depth z, depends on the smaller
width by or by of the construction. The depth of the soil investigation
of dams depends on the height h in [m] as shown in Figure 2.8. The
investigation depth of deep foundations is reliant on the diameter of the
pile toe resp. on the width b, of the contour of the pile group or a CPRF
(Figure 2.9).

Table 2.5 Investigation grid depending on the structure

Structure Horizontal distance
Buildings and industrial structures Grid spacing from 15 to 40 m
Extensive constructions (warehouses, etc.) Grid spacing of max. 60 m

Line constructions (streets, railways, channels, etc.)  Grid spacing from 20 to 200 m
Special structures (bridges, chimneys, etc.) 2 to 6 points per foundation
Dams, weirs, etc. Grid spacing from 25 to 75 m
Large water retention basins, dams, etc. Grid spacing from 25 to 50 m

Source: Katzenbach, R.; Schuppener, B.;Weidle, A.; Ruppert, T. (201 I): Grenzzustandsnachweise
in der Geotechnik nach EC 7- 1. Bauingenieur 86, Heft 7/8,SpringerVDIVerlag, Diisseldorf,
Germany, 356-363.
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2,23.0-bp |%

and z,>6 m

Figure 2.6 Investigation depth for strip and single foundations.

/////////////

< by >
7,2 1.5 - by Z

Figure 2.7 Investigation depth for raft foundations.

0.8-h<z,<1.2-h
and z,>6 m

Figure 2.8 Investigation depth for dams.
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Figure 2.9 Investigation depth for pile groups and CPRFs.

2.3.3 Soil investigation for excavations

The soil investigations for excavations are essentially influenced by the
excavation depth in [m] and the embedment depth of the retaining system
in [m] and depend on the type of structure and the expected stratigraphy.
Two distinct groundwater situations are constituted in Figures 2.10 and
2.11, respectively:

e Groundwater level beneath the excavation
e Groundwater level above the excavation

U x
2,204-h or z,2t+2m

Figure 2.10 Investigation depth for excavations when groundwater level is below the
excavation.
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i<
e

z2,21.0-H +2m or Z,2t+2m

If an aquiclude is not present:
z,2t +5m

Figure 2.11 Investigation depth for excavations when groundwater level is above the
excavation.

2.4 GUARANTEE OF SAFETY AND OPTIMIZATION
BY THE FOUR-EYE PRINCIPLE

The large number of accidents in construction projects in recent years shows
that, for safety aspects, an independent supervision and monitoring system
is necessary during planning, design, and construction. To guarantee pub-
lic safety, the four-eye principle is a vital for the verification of analyses and
designs by a publicly certified independent expert [31,32]. The Association
for Urban Development, Building and Housing of the Federal Republic of
Germany established the four-eye principle in the national building regula-
tions [33]. The detailed description of the qualifications and responsibilities
of a publicly certified independent expert is given in [34]. Publicly certified
independent experts in the following fields are required:

Structural engineering

Fire prevention

Technical facilities and installations
Geotechnical engineering

The publicly certified independent experts verify and certify compliance
to the current standards and regulations in their specific field of work.
Publicly certified independent experts for geotechnics verify and certify
the completeness and accuracy of the soil investigation (stratigraphy, soil
parameters, groundwater conditions, bearing capacity, stiffness etc.) and
the planning, design and construction of foundation systems, retaining
structures, tunnels, and so on.

The importance of the four-eye principle regarding geotechnics becomes
apparent in [35]: All structural and environmental constructions are con-
cerned with soil and rock. An accurate description, evaluation, and han-
dling of the soil and rock parameters in planning, design, and construction
is essential and is, in difficult cases, very important during the service
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Figure 2.12 Four-eye principle.

phase after construction. In [36] the importance of the four-eye principle
is demonstrated by several case studies of the geotechnical engineering
practice.

The four-eye principle of civil engineering consists of three major parts,
which are shown in Figure 2.12. Investors, experts for planning and
design, and construction companies belong to the first part. Planning and
design are based on the current standards and regulations and are parts
of the request for the building permission. The building authorities are
the second part, and they independently check compliance of the plan-
ning to the building law. The building authorities are responsible for the
independent supervision of all legal aspects. The third part consists of the



Basics of geotechnical analysis 21

publicly certified independent experts. They are responsible for the inde-
pendent supervision of all engineering aspects during planning, design,
and construction.

2.5 OBSERVATIONAL METHOD

The observational method is a verification procedure that was introduced
by the building authorities. Compared to other construction materials like
concrete or steel, this method takes into account the difficulty and prob-
ably insufficient specifications and descriptions of soil material behavior.
Furthermore, possible irregularities between the soil and rock mechanic
parameters in the theoretical models and the soil and groundwater condi-
tions in situ may differ [37,38]. This method is of importance for the engi-
neering as well as for the legal aspects of a project [39].

The observational method is a combination of geotechnical investigations
and analyses with a metrological supervision during the construction phase
and, if necessary, during the service phase. Critical situations have to be con-
trolled by suitable technical measures. The observational method is a precise
monitoring procedure to verify the soil and rock mechanical modeling, as
well as the quality and safety during the construction phase (Figure 2.13).

Observational method ‘

4 < <
Computational Measurement-based
model < > controlling
(PREDICTION) (MONITORING)
\

Comparison
prediction/monitoring
actions necessary?

Modification of the YES
computational
model

A

Definition
of
actions

!

Adaption
of the building
process

Execution of the project

Figure 2.13 Observational method. (From Deutsches Institut fiir Normung e.V, DIN 4123
Excavations, Foundations and Underpinnings in the Area of Existing Buildings.
Beuth Verlag, Berlin, Germany, 2013.)
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The application of the observational method leads to a verification of
the usability and the validation of the theoretical models and to quality
assurance during the construction phase. Unexpected measurement data
sometimes lead to dispute between the different participants of the con-
struction project with respect to which theoretical model to apply. In these
discussions, safety issues must be considered.

In accordance to the current technical standards and regulations [9-15],
the observational method is state of the art for construction projects with
significant geotechnical difficulties (geotechnical category GC 3). Examples
for these construction projects are

e Construction projects with distinct soil-structure interaction, for
example, high-rise buildings, mixed foundations, foundation rafts,
CPRFs, deep excavations

e Complex interactions between soil, retaining structures, and adjacent
buildings

e Structures with significant and variable influences of water pressure,
for example, trough structures or water wings in tidal areas

e Construction projects where the stability could be reduced due to
pore water pressure

e Tunnels

e Dams

The application limit of the observational method is reached in cases of
brittle failure resp. non-sufficient ductility. In this regard, [13] specifies: “If
the failure is unforeseeable resp. not announced in time, the observational
method is not applicable as a proof of safety.” On the other hand, in [13]
it is also mentioned that the observational method as a single element of
the analysis of the stability and the serviceability is not sufficient and not
permitted. By definition, the observational method consists of geotechnical
investigations, analysis, and design combined with metrological supervi-
sion, which may be described as monitoring [37].

Further information about the basics of the observational method and
the conditions and limits of its application and implementation in engineer-
ing practice can be found in [40-42].
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Chapter 3

Spread foundations

Spread foundations refer to foundation components that transfer their loads
to the subsoil only by normal stresses and shear stresses. Spread foundations
are single foundations, strip foundations, or raft foundations. The require-
ment for spread foundations is the bearing capacity of the subsoil below the
bottom of the foundation. If the subsoil has insufficient bearing capacity,
improvement to the subsoil or alternative foundation systems are required.

Basically, the depth of the foundation level is specified to facilitate a
frost-free foundation. In Germany, this is at least 80 cm below the surface.
Information on the different regional frost penetration depths is contained
in [1-3].

The following incidents have to be avoided during the preparation of the
foundation level:

Leaching

Reduction of the bulk density by drifty water
Maceration

Cyclic freezing and unfreezing

Before the installation of the blinding concrete, the foundation level has
to be checked by a geotechnical expert.

3.1 SINGLE AND STRIP FOUNDATIONS

For the excavation of single loads like columns, single foundations are used.
Strip foundations are used for line loads. Both types of spread founda-
tion can be designed with or without a reinforcement, whereby reinforced
foundations should be preferred due to their greater robustness. Figure 3.1
shows the two types of foundations.

Generally, the design of single and strip foundations based on the contact
pressure is sufficient. In most cases, the contact pressure can be determined
by the stress trapeze method. Deformations of the subsoil and the building,
as well as the soil-structure interaction, are not taken into account.

27
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Figure 3.1 Single and strip foundation.

3.2 RAFT FOUNDATIONS

Raft foundations are used when the load grid is dense and the deformations
of the subsoil and the construction have to be homogenized. Raft founda-
tions can be used as a part of a so-called white trough, or in combination
with an additional sealing system (e.g., bitumen layers) to prevent ground-
water influx [4-7].

The thickness of the reinforcedconcrete slab depends on the bending
moment, as well as on the punching (concentrated loads). Increasing the
slab thickness or arranging concrete haunches can avoid shear reinforce-
ments. To prevent groundwater influx or to repel weather conditions, the
crack width of the concrete has to be limited. In any case, the installa-
tion of construction joints, expansion joints and settlement joints has to be
planned precisely and supervised during the construction phase.

3.3 GEOTECHNICAL ANALYSIS

3.3.1 Basics

Two different theoretical models are used for the geotechnical analysis of
the SLS and the ULS. For the analysis of the stability limit state (SLS), a
linear elastic material behavior of the subsoil is considered. In contrast, for
the design of the ultimate limit state (ULS), a rigid-plastic material behavior
of the subsoil is considered. This issue of spread foundations is explained
in Figure 3.2.

According to the technical standards and regulations, the following inci-
dents have to be analyzed [8-11]:

e Overall stability
e Sliding
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Figure 3.2 Load-settlement curve for spread foundations.

® Base failure

e Collective failure of soil and structure

e Punching, compressing

e Structural failure as a result of foundation movement
e Large settlements

e Large uplift as a result of frost

e Unacceptable vibrations

If spread foundations are located in the area of embankments, an analy-
sis of the slope failure is necessary. Every possible failure mechanism (slip
circles, complex rupture mechanisms) has to be considered [12-14].

In simple cases and under certain conditions, the geotechnical analysis of
spread foundations can be done on the basis of standard table values. The
standard table values take into account the analysis of safety against failure
and harmful settlements [10].

3.3.2 Distribution of the contact pressure

The knowledge of the distribution of the contact pressure is the basis for
the analysis of spread foundations. The following calculation procedures
are available [15,16].

a. Distribution of the contact pressure under rigid foundations
according to Boussinesq [17]

Stress trapeze method

Subgrade reaction modulus method

Stiffness modulus method

Numerical methods, for example, finite element method

P oo
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The distribution of the contact pressure under rigid foundations
according to Boussinesq (a) offers theoretically infinitely large tensions
at the edge of the foundation, which cannot arise because of transfer
processes in the subsoil under the foundation. This method is applicable
only in simple cases.

The simplest procedure is the stress trapeze method (b), because there
is only a linear distribution of stresses assumed. The distribution of the
contact pressure as a consequence of the stress trapeze method is a useful
approach when using small foundations and small foundation depths.

The subgrade reaction modulus method (c) and the stiffness modulus
method (d) are suitable, if the foundation depth is big. It can be used for
single, strip, and raft foundations. Using the subgrade reaction modu-
lus method, the subsoil is considered as a system of independent springs.
A uniform load leads to a uniform settlement with no settlement trough.
Using the stiffness modulus method, the subsoil is considered as an elastic
half-space with a system of connected springs. A uniform load leads to a
settlement trough. The stiffness modulus method leads to the most realistic
distribution of the contact pressure.

The calculation methods (a) to (d) are approximate solutions to deter-
mine the distribution of the contact pressure below a spread foundation.
These methods are usually sufficient for the analysis. The most realistic
distribution of the contact pressure is given by numerical analysis because
the stiffness of the structure as well the nonlinear material behavior of the
subsoil can be considered.

The distribution of the contact pressure depends on the stiffness of the
foundation as well as the relation between load and the stability of the sub-
soil [18]. The potential distributions of the contact pressure are shown in
Figure 3.3. Case (a) shows the distribution of the contact pressure when the
bearing capacity is exploited poorly. When the load approaches to the bear-
ing capacity two different failure mechanisms may occur. In case (b) the
load leads to a plastic hinge inside the foundation which causes a redis-
tribution of the contact pressure. In this case the bearing capacity of the
foundation depends on the rotation capacity of the plastic hinge. In case
(c) the load leads to a redistribution of the contact pressure to the center of
the foundation which leads to a base failure.

If the foundation has no sufficient ductility, a brittle failing follows
in excess of the internal load-bearing capacity, for example, punching.
A redistribution of the contact pressure will not take place.

The assumption of a constant distribution of the contact pressure leads
to results on the safe side for analysis of the ULS. For analysis of the SLS,
the assumption of a constant distribution of the contact pressure leads to
results on the unsafe side.

Figure 3.4 shows the settlement trough, the distribution of the contact
pressure, and the curve of the moment, depending on the load. With an
increasing load, the constant settlements under the foundation increase
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Figure 3.3 Distribution of the contact pressure under single foundations. (a) Elastic
behavior of the foundation and the soil; (b) Plastic hinge in the foundation; (c)
Base failure. (From Katzenbach, et al., Baugrund-Tragwerk-Interaktion. Handbuch
fiir Bauingenieure: Technik, Organisation und Wirtschdftlichkeit. Springer-Verlag,
Heidelberg, Germany, 1471-1490, 2012.)

strongly in the center. At the same time, the contact pressure, which is con-
centrated in the border area, is shifted to the center of the foundation. The
bending moments are concentrated under the load.

3.3.2.1 System rigidity

For the determination of the internal force variable, the contact pressure,
which depends on the proportion of the structure stiffness to the stiffness
of the subsoil, needs to be analyzed.
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Figure 3.4 Qualitative progression of deformations and stresses of a single foundation in
dependency of its loading. (a) Deformation; (b) contact pressure; (c) bending
moment. (From Katzenbach, et al., Baugrund-Tragwerk-Interaktion. Handbuch
fiir Bauingenieure: Technik, Organisation und Wirtschaftlichkeit. Springer-Verlag,
Heidelberg, Germany, 1471-1490, 2012.)
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Figure 3.5 Distribution of the contact pressure for limp (a) and rigid (b) spread foundations.

Table 3.1 Differentiation between limp and rigid foundations

K>0.1 Rigid foundation
0.00l <K <O0.1 Intermediate area
K < 0.001 Limp foundation

For limp spread foundations, the distribution of the contact pressure cor-
respondents to the load distribution. For rigid foundations a nonlinear distri-
bution of the contact pressure with high edge stresses arises (Figure 3.5). The
differentiation between limp and rigid foundations is defined by the system
rigidity K according to Kany, which is a value for the assessment of the inter-
actions between the structure and the foundation (Equation 3.1). The dif-
ferentiation is stated in Table 3.1 [16,21]. The system rigidity K is determined
according to Equation 3.2. It is determined by the component height h, the
length 1, and the modulus of elasticity of the building material E;, which is
founded in the elastic isotropic half-space (Figure 3.6) [16-20]:

K - structure stiffness

(3.1)

subsoil stiffness

g .b-h
O N T _1.EB.(

CE.-b-PPT E.-b-PP 12 E,

where:

modulus of elasticity of the structure [kN/m?]

geometrical moment of inertia of the spread foundation [m?]
oedometric modulus of the subsoil [kN/m?]

width of the spread foundation [m]

length of the spread foundation [m]

= height of the spread foundation [m]

Ey
Iy
E,
b

|
h
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Figure 3.6 Dimensions for determining the rigidity of the system.

Circular spread foundations with a component height h and a diameter d
have a system rigidity K in accordance with

_ 1 Ep h i (3.3)
12 Es |\ d ’

For the calculation of spread foundations, normally only the rigidity of
the foundation component is used to consider the rigidity of the building.
The rigidity of the rising construction is considered only in special cases.

For limp spread foundations (K < 0.001), the settlement at the characteristic
point is the same as the settlement of a rigid spread foundation (Figure 3.7).
The characteristic point for rectangular foundations is at 0.74 of the half-
width outward from the center. For circular spread foundations, the charac-
teristic point is at 0.845 of the radius outward from the center.

Regardless of the load position and size, rigid spread foundations keep
their forms. The distribution of the contact pressure has a strong nonlinear
behavior with big edge stresses (Figure 3.5).

i¢¢¢¢i¢¢l¢¢%=constant

1

+

i
Settlement curve . ! )
of a limp spread " ee : &
foundation \‘\\______i e

of a rigid spread
foundation

[Sllox

074-2 | Characteristic
2 point

Figure 3.7 Characteristic point of a rectangular spread foundation.
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For rigid spread foundations, single foundations, and strip foundations
with a big thickness, the distribution of the contact pressure can be deter-
mined according to Boussinesq, or with the stress trapeze method [16].
Otherwise, more detailed studies or sufficient conservative assumptions
that are “on the safe side” become necessary.

3.3.2.2 Distribution of the contact pressure under
rigid foundations according to Boussinesq

Based on the assumption that the subsoil is modeled as an elastic isotropic
half-space, in the year 1885, Boussinesq developed equations that can be
used for rigid spread foundations in simple cases [17].

The distribution of the contact pressure under a rigid strip foundation
with a width b is given by Equation 3.4 (Figure 3.8). For an eccentric load
with an eccentricity e, Borowicka enhanced the following equations [22]:

G _2v 1 where E}:Z;X 4
= b ,—1_&2 b (3.4)
1+ ﬂ
b 2-V ( b )
<2 6,= .
e_4,60 b \/1_§2 (3.9)
b 2.V 14§ _ 2x+b—4e
e>Z.GO_H.T§12 where gl—w (3.6)
N
!r/_,- SRS S /’1. .
. b b
| 2 2 |

Gov;

v v
oo =

Figure 3.8 Distribution of the contact pressure under rigid foundations according to
Boussinesq.
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Figure 3.9 Distribution of the contact pressure under rigid foundations as a result of
centric loads on elastic isotropic half-space

For circular and rectangular rigid spread foundations, the distribution of
the contact pressure can be determined using Figure 3.9.

At the edge of spread foundations, infinitely large stresses arise. Due to
the ultimate bearing capacity, imposed by the shear strength of the subsoil,
these peak stresses cannot occur. The subsoil plasticizes at the edges of the
foundations and the stresses shift to the center of the foundations [23].

3.3.2.3 Stress trapeze method

The stress trapeze method is a statically defined method, and it is the oldest
to determine the distribution of the contact pressure. The stress trapeze
method is based on the beam theory of elastostatic principles.

The distribution of the contact pressure is determined by the equilibrium
conditions £V and XM, without considering deformations of the building
or the subsoil interactions, respectively. Subsoil is simplified with linear
elastic behaviour for calculation. Even large edge stresses are theoretically
possible. The detection of the reduction of stress peaks due to plasticization
is not immediately possible. All considerations are based on the assumption
of Bernoulli stating that the cross-sections remain plane.

The force V is the resultant of the applied load, self-weight and buoyancy
force. The resultant of the forces and the contact pressures have the same
line of influence and the same value but point in opposite directions. To
determine the distribution of the contact pressure of an arbitrarily spread
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Figure 3.10 Coordinate system for the contact pressure (stress trapeze method).

foundation, Equation 3.7 is used. For the axes of coordinates, an arbitrarily
rectangular coordinate system is used, where the zero point corresponds
with the center of gravity of the subface (Figure 3.10) [24].

_V M LML McL =ML

O X
TA L -L) L1, -1,

(3.7)

If the x- and the y-axis are the main axes of the coordinate system, the
centrifugal moment I, = 0. Equation 3.7 is simplified to the following
Equation 3.8. If the resultant force V acts at the center of gravity of the
subface, the torques M, = M, = 0. The result is a constant distribution of
the contact pressure according to Equation 3.9.

vV M M
o =7+7y. + X . 3.8
0 A I, X L y (3.8)
Vv
GOZK (3.9)

If the eccentricity of the resulting forces V is too large, theoretically
tensile stresses occur, which are not absorbed by the system subsoil-
superstructure. An open gap occurs. In this case, Equations 3.7 through
3.9 are not applicable, and the determination of the maximum contact

pressure is performed according to the following equation in conjunction
with Table 3.2:

GO,max :M% (3.10)
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3.3.2.4 Subgrade reaction modulus method

Historically, an interaction between soil and structure was taken into
account for the first time by using the subgrade reaction modulus method.
The prepared subgrade reaction in relation with the change of shape was
formulated in the nineteenth century by Winkler [25]. It was created for the
design of railway tracks.

According to Winkler, the elastic model of the subsoil, which is also called
half-space of Winkler, is a spring model, where at any point the contact
pressure 6, is proportional to the settlement s (Equation 3.11). The constant
of proportionality ki is called the subgrade reaction modulus. The subgrade
reaction modulus can be interpreted as a spring due to the linear mechani-
cal approach for the subsoil behavior (Figure 3.11). However, this method
does not consider the interactions between the independent, free-movable
vertical springs.

GO(X)=kS-S(X) 3.11
where:
6, = contact pressure [kN/m?]
s = settlement [m]
k, = subgrade reaction modulus [kN/m?]

Using the beam-bending theory, it is possible to describe the curve of the
bending moment for an arbitrary, infinitely long and elastic strip founda-
tion with the width b, which is founded on the half-space of Winkler.

The curve of the bending moment of the strip foundation with the bend-
ing stiffness E, x I is given by

d2
M(x)=-E, -1-% (3.12)

The double differentiation of Equation 3.12 results in

d*M(x) d*s(x)

dXZ :_q(x):_EB.I. dX4 (3.13)
Vi vV 'S Elastic
2 / beam
— Springs

Figure 3.11 Spring model for the subgrade reaction modulus method.
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The action q(x) corresponds to the contact pressure 6,(x), which can be

described by

4
a(x)==00(x)-b =k, s(x)-b =T - 1. (3.14)
X
With the elastic length L given as
4 By 1
L= 1
\ kb (3.15)

and the elimination of s(x), Equation 3.16 follows. For a large number of
boundary conditions, Equation 3.16 can be solved. For an infinite long
strip foundation, the distribution of the contact pressure 6,(x), the distribu-
tion of the bending moment M(x), and the distribution of the shear forces
result according to Equations 3.17 through 3.19.

d*M(x) N 4 M(x)

=0 3.16

dx* ! ( )

Oy = 7 -?)/-L el -(cosi+sini] (3.17)

Mx)= LT[ cos X —sin X (3.18)
4 L L

Q(x) :J_r%-e_f -cos% (3.19)

The subgrade reaction modulus is not a soil parameter. It depends on the
following parameters:

* Oedometric modulus of the subsoil
e Thickness of the compressible layer
¢ Dimensions of the spread foundation

The subgrade reaction modulus method does not take into account the
influence of neighboring contact pressures. It is therefore mainly suit-
able for the calculation of slender, relatively limp spread foundations with
large column distances. With the subgrade reaction modulus method,
it is not possible to determine settlements beside the spread foundation
(Figure 3.12).



Spread foundations 4l

Vv
l Settlements

Pitesiiaiisedti

Figure 3.12 Distribution of the settlements according to the subgrade reaction modulus
method.

3.3.2.5 Stiffness modulus method

The stiffness modulus method according to Ohde (1942) describes the soil—
structure interaction more accurately than the subgrade reaction modulus
method, because the influence of adjacent contact pressures is considered
on the settlement of an arbitrary point of the spread foundation [19,26].
In the stiffness modulus method, the bending moment of the linear elastic
modeled spread foundation is linked with the bending moment of the linear
elastic, isotropic modeled settlement trough. The same deformations arise.

Figure 3.13 represents the distribution of the settlement of a spread foun-
dation according to the stiffness modulus method.

In geotechnical engineering practice, spread foundations with complex
load situations and geometric boundary conditions are normally examined
using computer programs. For most cases, no closed solutions are available
for the statically indeterminate system of equations.

The assumption of infinite elastic subsoil has the consequence that theo-
retically infinite large stress peaks result at the edge of the spread founda-
tion. Due to the plasticizing effect of the subsoil, these stress peaks do
not occur in reality. Powerful computer programs consider this basic soil
mechanical behavior.

3.3.3 Geotechnical analysis

In the following section the geotechnical analysis for stability and service-
ability of spread foundations are defined according to the currently valid
technical regulations EC 7.

Settlements
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Figure 3.13 Distribution of the settlements according to the stiffness modulus method.
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The analysis of the stability includes

Analysis of safety against loss of balance because of overturning
Analysis of safety against sliding

Analysis of safety against base failure

Analysis of safety against buoyancy

The analysis of the serviceability includes

e Analysis of the foundation rotation and the limitation of the open gap
e Analysis of horizontal displacements
e Analysis of settlements and differential settlements

3.3.3.1 Analysis of safety against loss of
balance because of overturning

Up to now, the analysis of safety against loss of balance because of over-
turning was done by applying the resultant of the forces into the second
core width. That means that the lower surface of the spread foundation has
only a small part with an open gap. This approach is described in [27,28].
Thus, a resulting force in the first core width creates a compressive stress
over the entire lower surface of the spread foundation.

According to the current technical regulations, the analysis of safety
against loss of balance because of overturning is based on a principle
of the rigid body mechanics. The destabilizing and stabilizing forces
are compared based on a fictional tilting edge at the edge of the spread
foundation:

Eused € Egid (3.20)

The design value of the destabilizing force is estimated according to
Equation 3.21, and the design value of the stabilizing action is estimated
according to Equation 3.22:

Eded = Egdsek - Y65t T EQstk - Yo,dst (3.21)

Esb.d = Estox - YG,stb (3.22)

In reality, the position of the tilting edge depends on the rigidity and the
shear strength of the subsoil. With a decreasing rigidity and decreasing
shear strength, the tilting edge moves to the center of the lower surface of
the spread foundation.

Therefore, this analysis itself is not sufficient. It was complemented by
the analysis of the limitation of the open gap, which is defined for the
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serviceability limit state. According to [10], the resultant force of the per-
manent loads has to be applied into the first core width and the resultant
force of the variable loads has to be applied into the second core width
(Figure 3.21).

3.3.3.2 Analysis of safety against sliding

The analysis of safety against sliding (limit state GEO-2) is calculated
according to Equation 3.23. The forces parallel to the lower surface of the
spread foundation have to be smaller than the total resistance, consisting
of slide resistance and passive earth pressure. If the passive earth pressure
is considered, the serviceability limit state has to be verified regarding the
horizontal displacements.

Hy<R4+ Rp,d (323)

where: Ry = Ry

YR,h

R
_ Dpk
Rp,d

YR h

The sliding resistance is determined according to the three following
cases:

e Sliding in the gap between the spread foundation and in the subjacent,
fully consolidated subsoil:

R, = Ve tand (3.24)
YRr,h
where:
V. = characteristic value of the vertical loadings [kN]
8 = characteristic value of the angle of base friction [°]

e Sliding when the gap passes through the fully consolidated soil, for
example, in the arrangement of a foundation cut-off:

_ Vi -tang+A - ¢

Ry (3.25)
YRh
where:
V. = characteristic value of the vertical loadings [kN]
¢ = characteristic friction angle for the subsoil under the

spread foundation [°]
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A = area of the load transmission [m?2]
¢’ = characteristic value of the cohesion of the subsoil [kIN/m?]

¢ Sliding on water-saturated subsoil due to very quick loading:

Ry=2% (3.26)
YR,h
where:
A = Area of the load transmission [m?]
¢, = Characteristic value of the undrained cohesion of the sub-

soil [kN/m?]

For spread foundations that are concreted in situ, the characteristic value
of the angle of base friction 8 is the same as the characteristic value of the
friction angle ¢’ of the soil. For prefabricated spread foundation elements
the characteristic value of the angle of base friction & should be set to 2/3
@". The characteristic value of the angle of base friction should be 6 < 35°.

A passive earth pressure can be considered if the spread foundation is
deep enough. Due to horizontal deformations, the passive earth pressure
should be limited to 50% of the possible passive earth pressure. Basically,
it must be verified whether the passive earth pressure exists during all pos-
sible stages in the construction and the service phase of the foundation.

3.3.3.3 Analysis of safety against base failure

The analysis of safety against base failure is guaranteed if the design value
of the bearing capacity R is bigger than the design value of the active force
V,. Ry is calculated according to Equation 3.27. The principle scheme of a
bearing failure of a spread foundation is shown in Figure 3.14.

Rn,k

Ry =

- (3.27)
YR,V

The resistance of the bearing capacity is determined by the soil proper-
ties (density, shear parameters), the dimensions and the embedment depth
of the spread foundation. Detailed information can be found in the inciden-
tal standard [29,30]. The characteristic resistance of the bearing capacity
R, is calculated analytically with a trinomial equation, which is based on
the moment equilibrium of the failure figure of the bearing capacity in ideal
plastic, plane deformation state [31]. The trinomial equation of the bearing
capacity considers the width b of the foundation, the embedment depth d of
the foundation and the cohesion ¢’ of the subsoil. All three aspects have to
be factorized with the bearing capacity factors N, Ny, and N_:
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Figure 3.14 Bearing failure figure of a strip foundation I, Reinforced wall; 2, area; 3, result-
ing contact pressure; 4, cellar floor; 5, sliding surface, the form depends on
the angle of friction @; 6, passive Rankine-zone of the failure body; 7, active
Rankine-zone of the failure body; 8, Prandtl-zone of the failure body.

Rn,k:a'~b’-(72-b’-Nb+yl-d~Nd+c'-Nc) (3.28)
where:

Np, =Nyo - vp -l - Ay - Ep
Ny =Nyo Vg -ig-Aa &
Nc:NCO'Vc'ic'xc'éc

The density y, describes the density of the subsoil above the foundation
level. The density vy, describes the density of the subsoil underneath the
foundation level. The bearing capacity factors N, N, and N_ consider the
following boundary conditions:

¢ Basic values of the bearing capacity factors: N, Nyo, N,
Shape parameters: v, vy, V.

Parameter for load inclination: i, i, i.

Parameters for landscape inclination: A, Ay, A,
Parameters for the base inclination: &, &, &

The parameters of the bearing capacity factors N, Ny, N, depend
on the angle of friction of the subsoil ¢’ and are calculated according to
Table 3.3.
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Table 3.3 Basic values of the bearing capacity factors

Foundation width N,,  Foundation depth Ny,  Cohesion N,

o, @ Ttan Ngo —|
(NdO_I) tan (O] tanz (45 +2j e wne m
Table 3.4 Shape parameters Vv,
Floor plan Vp V4 Ve(@#0) v (p=0)
Strip 1.0 1.0 1.0 1.0
’ 4 . N _I ’
Rectangle I—O.S-E, I+b—,-sin(p Yo Neo =0 I+O.2-E,
a a do0 — a
. Ve *Ngo —|
Square/Circle 0.7 l+sing —— — 1.2
NdO -1

The shape parameters v,, v, V. take into account the geometric dimen-
sions of the spread foundation. For the standard applicable geometry, the
shape parameters are summarized in Table 3.4.

If eccentric forces have to be considered the base area has to be reduced.
The resulting load has to be in the center of gravity. The reduced dimensions
a’ and b’ are calculated according to Equations 3.29 and 3.30. Basically
applied, isa > b and a’ > b’, respectively. For spread foundations with open
parts, the external dimensions may be used for the analysis, if the open
parts are not bigger than 20% of the whole base area.

a’=a-2e, (3.29)

b =b—2e, (3.30)

m =m, - cos’®+ m, - sin’® (3.31)
2+i, 2+E,
where m, = b, and m;, = a
a b
1+ 1+
b a

Forces T, that are parallel to the foundation level are considered by the
parameters iy, iy, i. for the load inclination. The definition of the angle of the
load inclination is shown in Figure 3.15. The determination of the param-
eters for the load inclination is shown in Tables 3.5 and 3.6. The orienta-
tion of the acting forces is determined by the angle o (Figure 3.16). For a
strip foundation @ = 90°.
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T

Figure 3.15 Definition of the angle of the load inclination.

Table 3.5 Parameter i; for load inclination if ¢’ > 0

Direction

iy ig

5§>0 (I —tan )™+ (I —tan &)™ .
Iq * NdO -1
5<0  cosd-(1-0.04-8)" "™ cos-(1-0.0244-8)"7 Ny I

Table 3.6 Parameter i; of the load inclination if ¢’ =0

Iy lq le

Not necessary, because of p =0 1.0 05+0.5 /I - ATk
-c

An inclination of the landscape is considered by the parameters Ay, Ay, A,
for landscape inclination. The parameters depend on the slope inclination
B. The slope inclination has to be less than the angle of friction ¢’ of the
subsoil and the longitudinal axis of the foundation has to be parallel to the
slope edge. The determination of the parameters for landscape inclination
is shown in Figure 3.17 and Table 3.7.

Figure 3.16 Angle o for an oblique acting load.
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Figure 3.17 Eccentric, oblique loaded strip foundation on a slope.

Table 3.7 Parameters A, for landscape inclination

Case Ny g Ae

N, - $.0349-B~tan(p_|
>0 (I-05wanp) (I—tanp)? -~ =

Ngo —1
¢=0 — 1.0 1-0.4 tanf
Table 3.8 Coefficient §; of the base inclination
Case & & &
¢>0 0045 @ -tang 0045 - tan ¢ 0045 @ -tang
¢=0 — 1.0 1—0.00680

The base inclination is considered by the parameters &, &;, & for the
base inclination (Table 3.8), which depend on the angle of friction ¢’ of
the subsoil and the base inclination « of the spread foundation. The defini-
tion of the base inclination is shown in Figure 3.18. The angle of the base
inclination « is positive, if the failure body forms out in the direction of
the horizontal forces. The angle of the base inclination « is negative, if the
failure body forms in the opposite direction. In cases of doubt, both failure
bodies have to be investigated.

The direct application of the defined equations is only possible if the
sliding surface is formed in one soil layer. For layered soil conditions, it
is permissible to calculate with averaged soil parameters if the values of
the individual angles of friction do not vary more than 5° of the arithme-
tic average. In this case, the individual soil parameters may be weighted
according to their influence on the shear failure resistance. The weighting
is as follows.
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Figure 3.18 Angle of the base inclination «.

e The average density is related to the percentage of the individual
layers in the cross-section area of the failure body

e The average angle of friction and the average cohesion are related to
the percentage of the individual layers in the cross-section area of the
failure body

Authoritative for the sliding surface is the average of the angle of friction
@. To determine whether the failure body has more than one layer, it is
recommended to define the failure body according to Equation 3.32
through 3.38 (Figure 3.19). For simple cases (« = = 6 = 0), the Equations
3.39 through 3.42 have to be applied.

4 @ (a1+B) 3.32
oy =459 (3.32)

Figure 3.19 Determination of the failure body.
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where: sing; =— s.m[3
sin@
-5
9, =450+ @_(8228) (3.33)
2 2
-5
0,=457+ 04 (e -3) (3.34)
where sing, = — s'1n8
sing
v=180°—0—B—0 -0, (3.35)
n=b" sin s (3.36)
cosat - sin(, + 3)
n=r- eO.Ol75-v4ranq> (337)
l=p. 050 (3.38)
cos(Vy + 0)
O =459 (3.39)
2
9, = 0 =45°+% (3.40)
v =90° (3.41)
bl
n = (3.42)

2~cos(45°+(p]
2

For spread foundations at slopes, the foundation depth d’ (Equation 3.43)
and the parameters A;, Ay, A, for landscape inclination have to be consid-
ered (Figure 3.20). In addition, it is necessary to carry out a comparative
calculation with § = 0 and d’ = d. The smaller resistance is the basis of the
analysis of the bearing capacity regarding base failure.

d’=d+0.8-s-tanP (3.43)
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Figure 3.20 Spread foundation on a slope.

3.3.3.4 Analysis of safety against buoyancy

The analysis of safety against buoyancy (limit state UPL) is performed
using Equation 3.44. This equation is the proof that the net weight of the
structure is big enough compared to the buoyant force of the water. Shear
forces (friction forces at the side) can only be considered if the transmission

of the forces is ensured. Acting shear forces T, may be

Guere Yot + Quserep * Yaudst < Gatbk * Yoo + Tie * Yasb (3.44)
where:

Gyex = permanent destabilizing vertical load (buoyancy)

Yod« = partial safety factor for permanent destabilizing load

Quserep = representative variable destabilizing vertical load

Yqu« = partial safety factor for variable destabilizing load

Gypx = permanent stabilizing load

YG.stb = partial safety factor for permanent stabilizing load

T, = shear force

* Vertical component of the active earth pressure E,, | on a retain-
ing structure depending on the horizontal component of the
active earth pressure E,j as well as the angle of wall friction §,
(Equation 3.45)

Tk =M, Eah,k : tansa (3.45)

e Vertical component of the active earth pressure in a joint of the subsoil,
for example, starting at the end of a horizontal spur in dependency to
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the horizontal component of the active earth pressure and the angle
of friction ¢’ of the subsoil:

Tk =M, Eah,k . tan(p' (346)

The smallest possible horizontal earth pressure min E ;| has to be used.
For the design situation BS-P and BS-T, the adjustment factor is 1, = 0.80.
For the design situation BS-A, the adjustment factor is n, = 0.90. Only in
justified cases can cohesion be taken into account, but it has to be reduced
by the adjustment factors. For permanent structures, it has to be deter-
mined that in design situation BS-A, the safety against buoyancy is given
without any shear forces T,.

3.3.3.5 Analysis of foundation rotation and
limitation of the open gap

Generally, the serviceability limit states refer to absolute deformations and
displacements as well as differential deformations. In special cases, for
example, time-dependent material behavior displacement rates have to be
considered.

For the analysis of foundation rotation and limitation of the open gap, the
resultant of the dead loads has to be limited into the first core width, which
means that an open gap does not occur. The first core width for rectangular
spread foundations can be determined according to Equation 3.47. For cir-
cular spread foundations Equation 3.48 is used. Furthermore, it should
be guaranteed that the resultant of the permanent loads and the variable
loads are in the second core width, so an open gap cannot occur across the
center line of the spread foundation. The second core width for rectangular
layouts can be determined according to Equation 3.49. For circular spread
foundations Equation 3.50 is used. Figure 3.21 shows the first and the sec-
ond core width for a rectangular spread foundation.

1. Core range
Resulting force

2. Core range

: X
qfl —
f=a]
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<
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Figure 3.21 Limitation of the eccentricity.
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Xe Ve 1

a b 6 ( )
e<0.25r (3.48)
x. Y y C o1

L+ 2 == 3.49
SOk 549
e<0.59 r (3.50)

For single and strip foundations, which are founded on medium-dense,
non-cohesive soils and stiff cohesive soils, respectively, no incompatible
distortions of the foundation can be expected if the acceptable eccentricity
is observed.

The analysis of foundation rotation and limitation of the open gap is
mandatory according to [10], if the analysis of safety against loss of balance
because of overturning is carried out by using one edge of the spread foun-
dation as a tilting edge.

3.3.3.6 Analysis of horizontal displacements

Generally, for spread foundations the analysis of horizontal displacement
is observed, if:

e The analysis of safety against sliding is performed without consider-
ing a passive earth pressure.

® For medium-dense, non-cohesive soils and stiff cohesive soils, respec-
tively, only two-thirds of the characteristic sliding resistance in the
foundation level and not more than one-third of the characteristic
earth pressure are considered.

If these arguments are not true, it is necessary to analyze the possible
horizontal displacements. Permanent loads and variable loads, as well as
infrequent or unique loads, have to be considered.

3.3.3.7 Analysis of settlements and differential settlements

The determinations for settlements of spread foundations are conducted in
accordance with [32]. Normally, the influence depth of the contact pressure
is between z = b and z = 2b.

Due to the complex interaction between the subsoil and the construc-
tion, it is difficult to provide information about the acceptable settlements
or differential settlements for constructions [33]. Figure 3.22 indicates the
damage factors for the angular distortion as a result of settlements [33-35].



54 Foundation Systems for High-Rise Structures

1 1 1 1 1 1 1 1 1 1 1

10 100 200 300 400 500 600 700 800 900 1000

I I I I I I | I I I
}“Limit boundary for
sensitive machinery
Damage limit for infilled
frames

Safety limit in order to avoid
any kind of cracks

i Difficulties for cranes with a big range

[« Limit of view for misaglinment of tall
rigid buildings

[«Considerable cracks in load-bearing walls

le Safety limit for brick walls h/1 < 1/4

(€ Damage limit for buildings

5 [« Limit for first scratches in load-bearing walls

i< Leaning tower of Pisa

Figure 3.22 Damage criterion.

Regarding the tilting of high-rise structures, the analysis of safety against
inclination has to check that the occurring tilting is harmless for the struc-
ture [33]. The analysis for rectangular spread foundations is performed
according to Equation 3.51. The analysis for circular spread foundations is
performed according to Equation 3.52.

3
bR, oy (3.51)
Vo b, f,

' E
B oy 3.52
Vo by, (3.52)

In Equations 3.51 and 3.52:

E., = Modulus for the compressibility of the subsoil

h, = Height of the center of gravity above the foundation level
f. and f = Tilting coefficients

V, = Design value of the vertical loads

More detailed information can be found in [33] and [36].

3.3.3.8 Simplified analysis of spread
foundations in standard cases

The simplified analysis of spread foundations in standard cases consists of
a simple comparison between the base resistance oy 4 and the contact pres-
sure oy 4 (Equation 3.53). For spread foundations with the area A =a x b
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or A’=a’x b/, the analysis of safety against sliding and base failure, as well
as the analysis of the serviceability limit state, can be applied in standard
cases. These standard cases include:

e Horizontal lower surface of the foundation and an almost horizontal
landscape and soil layers

e Sufficient strength of the subsoil into a depth of twice the width of the
foundation below the foundation level (minimum 2 m)

e No regular dynamic or mainly dynamic loads; no pore water pressure
in cohesive soils

e Passive earth pressure can only be applied if it is assured by construc-
tive or other procedures

e The inclination of the resultant of the contact pressure observes the
rule tand = H,/V, < 0.2 (8 = inclination of the resultant of the con-
tact pressure; H, = characteristic horizontal forces; V| = characteris-
tic vertical forces)

e The admissible eccentricity of the resultant of the contact pressure is
observed

e The analysis of safety against loss of balance because of overturning
is observed

Ogd S Oryd (3.53)

The design values of the contact pressure oy 4 are based on the combined
examination of the base failure and the settlements. If only the SLS is ana-
lyzed, the admissible contact pressure increases with an increasing width
of the spread foundation. If only the ULS is analyzed, the admissible con-
tact pressure decreases with an increasing width of the spread foundation.
Figure 3.23 shows the two fundamental demands for an adequate analysis
against base failure (ULS) and the analysis of the settlements (SLS). For
foundation widths that are bigger than the width b, the acceptable contact
pressure decreases because of settlements.

The design values of the contact pressure oy 4 for simplified analysis of
strip foundations are specified in tables. The tabular values can also be used
for single foundations [10,37,38].

If the foundation level is more than 2 m below the surface on all sides, the
tabular values can be raised. The raise can be 1.4 times the unloading due
to the excavation below a depth of >2 m under the surface.

The settlement values in the tables refer to detached strip foundations
with a central loading (no eccentricity). If eccentric loads occur, the service-
ability has to be analyzed. For the application of the current table values,
it is essential to notice that in earlier editions of these tables, characteristic
values were given [10].

The simplified analysis of the ULS and SLS of strip foundations in non-
cohesive soils considers the design situation BS-P. For the design situation
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Design value of the
contact pressure

Ord A

Significant | i [Significant| ________ .
ULS : SLS
Base failure
i Ora=flb, ¢,c, ..)
Range of acceptable
contact pressures
Settlement
- >
s Foundation width b

Figure 3.23 Maximum contact pressure Gy 4 taking into account the stability (ULS) and
serviceability (SLS).

Table 3.9 Requirements for the application of the design values o 4 in non-cohesive

soils
Coefficient of ~ Compactness ~ Compression  Point resistance
uniformity according to  ratio according of the soil

Soil group according according to DIN 18126  toDIN 18127  penetrometer
to DIN 18196 DIN 18196 C, D Ds, q. [MN/m?]
SE, GE, SU, GU, ST, <3 > 0.30 > 95% >75

GT
SE, SW, SI, GE GW, >3 > 045 > 98% >75

GT,SU,GU

BS-T the tabular values are “on the safe side”. The tabular values are
applicable for vertical loads. Intermediate values may be interpolated lin-
early. For eccentric loads the tabular values may be extrapolated if width
b’ < 0.50 m. There must be a distance between the lower surface of the
foundation and the groundwater level. The distance must be bigger than
the width b or b’ of the foundation. For the application of the tables for
non-cohesive soils the requirements in Table 3.9 must be fulfilled. The short
forms of the soil groups are explained in Table 3.10.

The coefficient of uniformity C, describes the gradient of the grain
size distribution in the area of passing fractions of 10% and 60% and
it is determined according to Equation 3.54 [39]. According to [40], the
compactness D describes whether the subsoil is loose, medium dense, or
dense. The compactness D is determined by the porosity n, according
to Equation 3.55. The compression ratio D, is the relation between the
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Table 3.10 Explanation of the soil groups

Short form
according to Long form according to
DIN 18196 DIN 18196 in German Long form according to DIN 18196 in English
SE Sand, enggestuft Sand with small grain size distribution
%% Sand, weitgestuft Sand with a wide spreaded grain size
distribution
S| Sand, intermittierend Sand with an intermittent spreaded grain
gestuft size distribution
GE Kies, enggestuft Gravel with small grain size distribution
GW Kies, weitgestuft Gravel with a wide spreaded grain size
distribution
ST Sand, tonig Sand, clayey (fine fraction: 5-15%)
(Feinkornanteil: 5—15%)
SU Sand, schluffig Sand, silty (fine fraction: 5—15%)
(Feinkornanteil: 5-15%)
GT Kies, tonig Gravel, clayey (fine fraction: 5—15%)
(Feinkornanteil: 5-15%)
GU Kies, schluffig Gravel, clayey (fine fraction: 5—15%)

(Feinkornanteil: 5—15%)

proctor density p,, (density at optimal water content) and the dry density p,
[41]. The compression ratio is calculated using Equation 3.56.

d60

C, =% (3.54)
di

D= maxn—.n (3_55)
max n—minn

D, =P (3.56)

ppr

For simplified analysis of strip foundations Table 3.11 shows the permis-
sible design values of the contact pressure oy 4 for non-cohesive soils taking
into account an adequate safety against base failure. If the settlement has
to be limited additionally, Table 3.12 has to be applied. For the purpose of
Table 3.12, the settlements are limited to 1-2 cm.

The permissible design values of the contact pressure oy 4 for strip foun-
dations in non-cohesive soils with the minimum width b > 0.50 m and the
minimum embedment depth d > 0.50 m can be increased as follows:

® Increase of the design values by 20% in Table 3.11 and 3.12, if single
foundations have an aspect ratio a/b < 2 resp. a’/b’ < 2; for Table 3.11
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Table 3.11 Design values oy 4 for strip foundations in non-cohesive soils and sufficient
safety against hydraulic failure with a vertical resultant of the contact
pressure

Design value of the contact pressure 6 4 [KN/m?] in dependence

Smallest embedment of the foundation width b resp. b’

depth of the

foundation [m] 050m 1.00m 150m 200m 250m 3.00m
0.50 280 420 560 700 700 700
1.00 380 520 660 800 800 800
1.50 480 620 760 900 900 900
2.00 560 700 840 980 980 980
For buildings with an 210

embedment depth
030m<d<050m
and foundation width b
resp.b’ > 0.30 m

Table 3.12 Design values o 4 for strip foundations in non-cohesive soils and limitation
of the settlements to 1-2 cm with a vertical resultant of the contact

pressure

Smallest embedment Design value of the contact pressure oy J[kN/m?] in dependence
depth of the of the foundation width b resp. b’

foundation [m] 0.50m  1.00m [.50m 2.00m 2.50m  3.00m
0.50 280 420 460 390 350 310
1.00 380 520 500 430 380 340
1.50 480 620 550 480 410 360
2.00 560 700 590 500 430 390
For buildings with an 210

embedment depth
030m<d<050m
and foundation width b
resp.b’ > 0.30 m

it is only applied if the embedment depth d is bigger than 0.60 x b
resp. 0.60 x b’

e Increase of the design values by 50% in Tables 3.11 and 3.12, if the
subsoil complies the values in Table 3.13 into a depth of twice the width
under the foundation level (minimum 2 m under foundation level)

The permissible design values of the contact pressure for strip founda-
tions in non-cohesive soils in Table 3.11 (even increased and/or reduced due
to horizontal loads) have to be reduced if groundwater has to be considered:

e Reduction of the design values by 40%, if the groundwater level is the
same as the foundation level



Spread foundations 59

Table 3.13 Requirements for increasing the design values o 4 for non-cohesive soils

Coefficient of Compactness Compression Point resistance
Soil group uniformity according to ratio according of the soil
according to according to DIN 18126 to DIN penetrometer
DIN 18196 DIN 18196 C, D 18127 Dy, q. [MN/m?]
SE, GE, SU, GU, <3 >0.50 >98% >15
ST,GT
SE, SW, SI, GE >3 >0.65 >100% >15
GW, GT, SU, GU

e [f the distance between the groundwater level and the foundation level
is smaller than b or b’, it has to be interpolated between the reduced
and the non-reduced design values oy 4

e Reduction of the design values by 40%, if the groundwater level
is above the foundation level, provided that the embedment depth
d > 0.80 m and d > b; a separate analysis is only necessary if both
conditions are not true

The permissible design values of the contract pressure oy 4 in Table 3.12
can only be used if the design values in Table 3.11 (even increased and/or
reduced due to horizontal loads and/or groundwater) are bigger.

The permissible design values of the contact pressure oy 4 for strip foun-
dations in non-cohesive soils shown in Table 3.11 (even increased and/or
reduced due to groundwater) need to be reduced for a combination of char-
acteristic vertical (V) and horizontal (H,) loads as follows:

* Reduction by the factor (1 — H/V,) if H is parallel to the long side of
the foundation and if the aspect ratio is a/b > 2 resp. a’/b’ > 2
e Reduction by the factor (1 — H,/V,)? in all other cases

The design values of the contact pressure shown in Table 3.12 can only be
applied if the design values o 4 shown in Table 3.11 (even increased and/or
reduced due to groundwater) are bigger.

The simplified analysis of the ULS and SLS of strip foundations in cohe-
sive soils is for the design situation BS-P. For the design situation BS-T, the
tabular values are “on the safe side.” The tabular values are applicable for
vertical and inclined loads. Intermediate values may be interpolated lin-
early. The tables are given for different types of soil. The short forms of the
soil groups are explained in Table 3.10. If the Tables 3.14 through 3.17 are
used, settlements of 2-4 cm can be expected. In principle, the Tables 3.14
through 3.17 are only applicable for soil types with a granular structure
that may not collapse suddenly.

The design values oy 4 for strip foundations in cohesive soil shown in
Tables 3.14 through 3.17 (even reduced due to foundation width b > 2 m)
may be increased by 20% if the aspect ratio is a/b < 2 resp. a’/b’ < 2.
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Table 3.14 Design values o 4 for strip foundations in silt

Silt (UL according to DIN 18126) consistency: Solid to semisolid

Smallest embedment depth
of the foundation [m]

Design value oy, of the contact
pressure [kN/m?]

0.50 180
1.00 250
1.50 310
2.00 350
Unconfined compressive 120

strength q,, [kN/m?]

Table 3.15 Design values o 4 for strip foundations in mixed soils

Mixed soils (SU*, ST, ST*, GU*, GT* according to DIN 18196)

Design values o 4 of the
contact pressure [kN/m?]

Smallest embedment depth of Consistency

the foundation [m] Stiff Semi-solid Solid
0.50 210 310 460
1.00 250 390 530
1.50 310 460 620
2.00 350 520 700
Unconfined compressive 120-300  300-700 >700

strength q,,, [kN/m?]

Table 3.16 Design values o 4 for strip foundations in clay, silty
soils

Clay, silty soils (UM, TL, TM according to DIN 18196)

Design values oy 4 of the
contact pressure [kN/m?]

Smallest embedment depth of Consistency

the foundation [m] Stiff Semi-solid Solid
0.50 170 240 390
1.00 200 290 450
1.50 220 350 500
2.00 250 390 560
Unconfined compressive 120-300  300-700  >700

strength q,,, [kN/m?]
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Table 3.17 Design values o 4 for strip foundations in clay

Clay (TA according to DIN 18196)

Design values oy 4 of the
contact pressure [kKN/m?]

Smallest embedment depth of Consistency

the foundation [m] Stiff Semi-solid Solid
0.50 130 200 280
1.00 150 250 340
1.50 180 290 380
2.00 210 320 420
Unconfined compressive 120-300  300-700 >700

strength q,,, [kN/m?]

The design values oy 4 for strip foundations in cohesive soil shown in
Tables 3.14 through 3.17 (even increased due to the aspect ratio) have to be
reduced by 10% per meter at foundation width b = 2—-5 m. For foundations
with a width b > § m the ULS and the SLS have to be checked separately
according to the classic soil mechanical analysis.

3.4 EXAMPLES OF SPREAD FOUNDATIONS
FROM ENGINEERING PRACTICE

In the last decades, increasing population density worldwide has led to
the construction of more and higher high-rise buildings. Until 1960, in
Frankfurt am Main, Germany, buildings with 10-15 storeys were consid-
ered to be high-rise. In 1961, the first building with 20 storeys was con-
structed, and in 1969 the first Commerzbank Tower with 30 storeys and a
height of 130 m was completed. In the 1970s and early 1980s, several other
skyscrapers were built with heights of 150-180 m. All were founded in the
very settlement-active Frankfurt Clay. The experiences in Frankfurt am
Main show, that the final settlements of a spread foundation can be 1.7 to
2.0 times the settlements at the end of the construction phase. Final settle-
ments of 15-35 cm occurred [42,43].

Nearly all high-rise buildings founded on spread foundations in Frankfurt
Clay have differential settlements, which lead to a tilting of the superstruc-
tures [43]. A statistical evaluation of the measurements indicates that this
tilting is up to 20-30% of the average settlement, even if the foundation is
loaded centrically [44]. The differential settlements result from the inho-
mogeneity of the Frankfurt subsoil.
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3.4.1 High-rise building complex
of Ziirich Assurance

The high-rise building complex of the Ziirich Assurance Company in
Frankfurt am Main, Germany, was constructed from 1959 to 1963. It con-
sists of two towers 63 m and 70 m high, respectively, and an annex building
up to eight storeys. The whole complex has two sublevels and is founded on
a spread foundation. The foundation depth is 7 m below the surface. The
ground view is shown in Figure 3.24.

The soil and groundwater conditions are representative for Frankfurt
am Main. At the surface are fillings and quaternary sands and gravel. At a
depth of about 7 m below the surface, begins the tertiary Frankfurt Clay,
which consists of alternating layers of stiff to semisolid clay and limestone.
At a depth of 67 m below the surface follows the Frankfurt Limestone. The
groundwater level is about 5-6 m below the surface.

The measured settlements at the end of the construction of the super-
structure are about 60% of the final settlements (Figure 3.25). After the
end of the construction, the settlement rate decreased due to the consolida-
tion process. About 5 years after the end of the construction, the settle-
ments come to an end at about 8.5-9.5 cm.

Annex building and
underground parking

Figure 3.24 Ground view of the high-rise building complex of Ziirich Assurance.
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Figure 3.25 Measured settlements.

In the years 2001 and 2002 the high-rise building complex was decon-
structed. In its place now is the Opernturm, with a height of 177 m [45,46].

3.4.2 Westend Gate

The high-rise Westend Gate building (former name: Senckenberganlage)
in Frankfurt am Main, Germany, was constructed from 1972 to 1974
(Figure 3.26). It is 159 m high and is founded on a spread foundation
system. The basement has three sublevels. The building is an office tower
up to the 23rd floor. Above the office part is the Marriott Hotel. The soil
and groundwater conditions are similar to the high-rise building complex
of the Ziirich Assurance.

Westend Gate is the high-rise building with the biggest settlements in
Frankfurt am Main [47]. The measured settlements of the building were
greater than 30 cm, caused by comparatively high contact pressures of
650 kN/m?. The raft foundations were only arranged under the high-
rise building. The annex sublevels were founded on single foundations
(Figure 3.27). For controlling the settlements and the differential settle-
ments, expansion joints were arranged between the foundation elements
and the superstructure. The expansion joints were closed after finishing the
reinforcedconcrete cores. The flexible steel structure, which reaches from
the third to the 23rd floor, was not damaged by the settlements and the
differential settlements. The storeys above the 23rd floor were constructed
with reinforcedconcrete cells with a comparatively high stiffness. Hydraulic
jacks have been installed between the flexible steel construction and the
stiff concrete cells. The hydraulic jacks balance the occurring settlements.
Due to the long-term settlement behavior of the soil, several joints in the
upper floors have been kept open until two years after the construction
[47,48].
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Figure 3.26 Westend Gate.

3.4.3 Silver Tower

The Silver Tower (formerly Dresdner Bank) in Frankfurtam Main, Germany,
is 166 m high and was constructed from 1975 to 1978 (Figure 3.28). The
Silver Tower is constructed on a foundation raft with an average thickness
of 3.5 m. The foundation level is 14 m deep under the surface. The soil and
groundwater conditions are similar to the high-rise building complex of the
Zirich Assurance.

Due to the eccentric loading, 22 pressure cushions were installed in the
northwest under the foundation raft (Figure 3.29) [42,49]. The pressure
cushions have a size of 5 m X 5 m and consist of soft rubber with a thick-
ness of 3 mm. The tightness of the pressure cushions was checked before
the installation. The cushions were filled initially with water. The pressures
inside the cushions were regulated so only small differential settlements
occurred. After the end of the construction and the adjustment of the high-
rise building, the water in the cushions was replaced by mortar.


http://www.crcnetbase.com/action/showImage?doi=10.1201/9781315368870-4&iName=master.img-035.jpg&w=198&h=299
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3
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remaining gables (Mar. 1974 to
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Figure 3.27 Construction phases.
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Bored pile wall Retaining wall

Figure 3.29 Hydraulic devices to adjust the settlements.
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3.4.4 Frankfurt Bureau Centre (FBC)

The FBC is a 142 m high-rise building in Frankfurt am Main, Germany,
which is founded on 3.5 m thick foundation raft. The foundation level is
about 12.5 m below the surface. Figure 3.30 shows the high-rise building
from the south. It was constructed from 1973 to 1980. The long construc-
tion time was due to a lack of investment during the oil crisis. The soil and
groundwater conditions are similar to the high-rise building complex of the
Zirich Assurance.

From the beginning of the construction, the settlements were measured
for 5 years (Figure 3.31). The maximum final settlement was about 28 cm
in the core area of the high-rise building [42]. About 1.5 years after con-
struction ended, the settlements were about 70% of the final settlements.
The differential settlements between the high-rise building and the adjacent

Figure 3.30 Frankfurt Bureau Centre (FBC).
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buildings are between 9.5 cm and 20 cm (Figure 3.32). The tilting of the
high-rise building is about 1:1350 [50].

3.4.5 Twin towers of Deutsche Bank

The twin towers of the Deutsche Bank in Frankfurt am Main, Germany,
are 158 m high and were constructed from 1979 to 1984 (Figure 3.33). The
towers are on a foundation raft with a size of 80 m x 60 m and a thickness
of 4 m. The foundation level is about 13 m below the surface [51]. The soil
and groundwater conditions are similar to the high-rise building complex
of the Ziuirich Assurance.

The measured settlements are between 10 cm and 22 c¢m. Figure 3.34
shows the isolines of the settlements. To minimize the influence of the
twin towers on the adjacent buildings, hydraulic jacks were installed
(Figure 3.35). The possible regulation of the differential settlements by the
hydraulic jacks was about + 8 cm.

Figure 3.33 Twin Towers of Deutsche Bank.
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Figure 3.35 Cross-section of the superstructure with hydraulic jacks.
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Chapter 4

Deep foundations

For the transfer of high loads into the subsoil as well as for spread founda-
tions on subsoil with insufficient stiffness, deep foundations are designed.
These deep foundations include the following types:

Pile foundations

Barrette foundations

Combined pile-raft foundations (CPRF) *
Well foundations *

Caisson foundations *

This chapter only deals with the classic deep foundation constructed out of
piles and barrettes. The deep foundation systems marked with an asterisk (*)
are special forms that are discussed in other chapters. Barrettes are single dia-
phragm wall lamellas and can be used analog as deep foundation elements [1].

For deep foundations, a multitude of technical regulations exist. Thus, in
this chapter only the most significant regulations for design, construction
and quality assurance can be mentioned. These regulations only contain
basic information and definitions. Furthermore, new developments mostly
should not be adopted into the standards so that a large number of com-
plementing essays exist. In the present case of deep foundations the study-
group “Piles” of the German Society for Geotechnics e.V. (DGGT) should
be emphasized particularly. Analogous to other study-groups of the DGGT,
the study-group “Piles” has compiled an addition to the current standards in
[2], which has to be counted among the technical regulations. Fundamental
for the planning, design and construction are the regulations [1,3-8].

4.1 PILE TYPES

In practice, different pile types are applied.

e Bored piles
® Driven piles

75
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Wood piles
Steel piles
Driven reinforced-concrete piles
Driven in situ concrete piles

¢ Driven bored piles (screw piles)
e Micro piles

Table 4.1 shows the advantages and disadvantages of the different pile
types in accordance with [2,9]. The choice of a pile type depends on the
following criteria:

Structural loads

Location, geometry, and neighborhood

Subsoil and groundwater conditions

Deformation limits of the construction

Economics

Availability of construction materials

Availability of construction machines

Availability of a specialized heavy construction company

The single pile types are characterized in [2]. A general distinction is
made between bored and driven piles. Driven bored piles, also named as
screw piles, are a combination of both and can be divided into partial- and
full-driven bored piles.

A bored pile is constructed by soil excavation. The generated cavity is
refilled with concrete and a reinforcement. Driven piles include piles made
out of wood, steel, reinforced concrete, and driven iz situ concrete. During
the installation of driven piles, the surrounding subsoil is displaced and com-
pressed. During the installation of partial-driven bored piles, parts of the sub-
soil are excavated and the residual subsoil is displaced laterally. During the
installation of full-driven bored piles, the surrounding subsoil is displaced
completely. Comparable to classic driven piles, an increase of the density and
thus a favorable bearing capacity and a favorable load deformation behavior
can be observed in fully driven bored piles. In [10] the load deformation behav-
ior of in situ concrete piles with variable soil displacement is investigated.

4.2 CONSTRUCTION

The construction of deep foundations is one of the classic tasks of special
heavy construction projects. Figure 4.1 shows the construction of bored
piles in the inner city of Frankfurt am Main, Germany. Special construc-
tion machines and experienced personnel are required for a successful con-
struction. The supervision of the construction works on site by specially
qualified persons is necessary in most instances.
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Table 4.1 Advantages and disadvantages of different pile types

Advantages

Disadvantages

Bored piles

Vibrationless pile production
Soil exploration owing to boring
No restrictions because of
working height or neighboring
during the construction process
Great depth and diameter is
possible

Wood piles

High degree of elasticity

Easy in processing

Long life performance under water
Relatively economical

Steelpiles

High strength and elasticity
Big range of profiles
Insensitivity during transport
Extension easily possible
Good connection options
Inclinations up to I:I

Reinforced-concrete driven piles

Resistant to sea water

Good soil compaction during the
pile driving

Good connection options between
the pile and the construction
Inclinations up to I:I

Relatively economical

In situ concrete displacement piles

Good compaction of the
surrounding subsoil from which a
high load-carrying capacity results

Pile inclination limited to ca. 10:1
Extraction of the piping involves the risk
of damage of the green concrete coumn
and the armor

Soil material can be irrupted as a result of
quickly pulling the piping

Quick destruction through putridity owing
to air admission

Limited driveability in heavy soils

Low load-bearing capacity and length
compared to other pile types

Relatively high cost of material

Risk of corrosion

Risk of aeolian corrosion

Risk of loss of the position stability,
respectively, risk of rotation of the profile
during the pile driving

Noise and vibration during the pile
driving/vibration

Heavy and clumsy

Sensitively to bending, e.g., during
transport

Risk of cracks in consequence of
incorporation and installation

Heavy pile drivers required

Noise and vibration during the pile driving

Noise and vibration during the pile driving
Risk of damage to the fresh neighboring piles
Limited inclination

Lost foot plate

Full displacement bored piles (screw piles)

Good compaction of the
surrounding subsoil from which a
high load-carrying capacity results
Vibrationless pile production

Micro piles

Also producible under highly
constrained spaces

Inclination up to 4:1
Lost tip

Risk of buckling because of very small
diameter
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Figure 4. Construction of a bored pile in the inner city of Frankfurt am Main, Germany.

The technical development of pile types and pile dimensions in recent
years seems to be unlimited. The present pile types and the necessary con-
struction machines are being continuously improved, and new systems and
machines are being developed. For example, bored piles with a diameter of
3 m and a length of more than 80 m can now be constructed [11]. A good
overview of the technological equipment as well as of the different pile
types is given in [12-14].

The essential technical standards for advertisement and construction, as
well as for quality control, for the construction of deep foundations are

e DIN EN 1536 [15] and DIN SPEC 18140 [16] for bored piles

e DIN EN 12794 [17] for foundation piles constructed out of precast
concrete elements

DIN EN 12699 [18,19] and DIN SPEC 18538 [20] for driven piles
DIN EN 14199 [21] and DIN SPEC 18539 [22] for micro piles

DIN EN 12063 [23] for deep foundations constructed out of barrettes
DIN 18301 [24] for drilling operations

DIN 18304 [25] for driving, vibrating, and pressing work

DIN 4126 [26], DIN 4126 supplement 1 [27], DIN 4127 [28], DIN
EN 1538 [29], DIN 18313 [30] for diaphragm wall work

The construction of bored piles should always be operated by apply-
ing a casing and/or a stabilization fluid, for example, water, bentonite, or
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polymer slurries. The casing is pressed into the subsoil using a hydraulic
casing machine with oscillating rotational motion. The subsoil is exca-
vated by a grabber, drilling bucket, or similar techniques. The casing has
to be ahead of the excavation down to the pile base. A sufficient surcharge
against the surrounding groundwater must be ensured at any time of the
construction of bored piles. The drilling has to be constructed with a suf-
ficient surcharge to prevent an entry of soil as a result of hydraulic failure
and to prevent a bulking around the pile. According to [15], the water level
in the borehole should be 1.5 m above the level of the surrounding ground-
water. Figure 4.2 shows the construction process of a bored pile. During
the pulling out of the casing, the concrete level has to be higher than the
edge of the casing. In the majority of cases, the pile head has an insufficient
strength in the first 50 cm. The concrete of this weakness zone has to be
removed and has to be concreted anew, together with the connecting ele-
ments. The construction of bored piles has to be supervised on site by a
geotechnical specialist. Continuously, the water level in the borehole, the
borehole depth, the depth of the casing, and the concrete level have to be
documented.

If piles are constructed by driving or vibrating the observance of the
neighborhood is essential because of the noise and agitation emissions. If
necessary, extensive measurements according to the observational method
have to be carried out.

Height above
ground level
A Top edge
casing
Ground level .
N4 Time t

External
water level

Internal water level

Bottom edge
borehole y

// Bottom edge
/ casing

y

Depth z

Figure 4.2 Construction process of a bored pile.
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At the construction of micro piles, it must be guaranteed that the
grouting works do not induce soil displacements in unintended areas.
Therefore, the grouting work must be supervised strictly and monitored
precisely.

4.3 GEOTECHNICAL ANALYSIS

4.3.1 Basics

Deep foundation elements transfer the loads into deeper soil layers that
normally have a higher bearing capacity and a bigger stiffness. Deep foun-
dations are a comparatively robust foundation type with small displace-
ments. Load transfer into the soil or rock occurs via the skin friction at
the pile shaft and/or via the base resistance under the pile toe. The load
transfer via a raft or a strip foundation grid at the pile top is not taken
into account.

For horizontal loads two types of deep foundation are possible
(Figure 4.3). At variant (a) the transfer of horizontal loads is realized by
inclined piles. At variant (b) the transfer of horizontal loads is realized
by a horizontal bedding. Normally, the connection between the piles
and the raft or strip foundation is seen as a flexible joint. To achieve
a sufficient stability of the construction in a two-dimensional view, a
minimum of three piles is necessary. It has to be considered that the
lines of action of these three piles do not cross in one point or move
parallel to each other. If all piles carry approximately the same load, the
system is optimally designed. Variant (b) usually uses large bored piles,
which suffer bigger bending moments and shear forces due to the lateral
bedding.

Deep foundations are classified into the Geotechnical Category GK 2 if
the following limitation conditions are met.

e Determining the pile bearing resistance (pressure piles) on basis of
empirical values

e Standard, cyclic, dynamic, or impulsive loads

e Loads transversely to the pile axis

e DPiles with negative skin friction

Deep foundations are classified to the Geotechnical Category GK 3 if the
following limitation conditions are met.

Significant cyclic, dynamic, or impulsive loads
Tension piles with an inclination lower than 45°
Tension pile groups

Grouted pile systems
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Figure 4.3 Load transfer at pile foundations. (a) Inclined piles; (b) large drilled piles.

e Determining the pile bearing resistance (tension piles) on basis of
empirical values

e Loadstransversely to the pile axes from lateral pressure or settlements

e Piles with very high loads in combination with strongly restricted
settlements

e Piles with shaft and/or pile toe grouting

The analysis of the external bearing capacity is done according the limit
state GEO-2. The analysis of the internal bearing capacity is done accord-
ing to the limit state STR. However, the analysis of the internal bearing
capacity depends on the material and is defined by the associated standards
and regulations. In the following, the focus is on the geotechnical analysis
(external bearing capacity).
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4.3.2 Single piles with axial loads

For the analysis of the external bearing capacity, a characteristic resistance
settlement curve has to be determined.

The settlement dependent pile resistance R (s) consists of two parts: the
pile shaft resistance R (s) and the pile base resistance R,(s) (Equation 4.1).
The determination of the characteristic pile resistance is based on

e Empirical values

e Static pile load tests

e Dynamic pile load tests
¢ Soil mechanical methods

Rei(s) =Rox(s) +Rox(s) (4.1)

For analysis of the external bearing capacity (GEO-2), it has to be checked
that F; <R, is true. Herein is F, the design value of the sum of the impacts
and R, the design value of the axial pile resistance. The design value of
the pile resistance of pressure piles is defined by Equation 4.2. The design
value of the pile resistance of tension piles is defined by Equation 4.3. The
necessary partial safety factors depend on the type of determination of the
pile resistance.

Rug= et orRyg= L4 T 4.2)
T Vs Yo
where:
R, 4 = design value of the axial pile resistance (pressure)
R, = characteristic axial pile resistance (pressure)
R, = pile skin resistance
R, = pile base resistance
Yo Ybs Y. = partial safety factor in accordance to the type of determina-
tion of the pile resistance

R:
Royg=""% (4.3)

where:
R, 4 = design value of the axial pile resistance (tension)
R, = R,=characteristic axial pile resistance (tension)
Y., = partial safety factor of the pile skin resistance

If one of the two reaction effects prevails, the piles are indicated as base
pressure piles or skin friction piles (Figure 4.4) [31].
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Figure 4.4 Friction pile and base pressure pile. (a) Friction pile; (b) base pressure
pile. (Pulsfort, M. Grundbau, Baugruben und Griindungen. Handbuch fiir
Bauingenieure: Technik, Organisation und Wirtschaftlichkeit, Springer-Verlag,
Heidelberg, Germany, 2012, 1568-1639.)

The self-weight can be disregarded at piles with axial pressure load. The
self-weight can be included in the analysis of piles with axial tensile load.

For abandoned piles in soft soils with axial pressure load, the safety
against buckling must be verified if the undrained cohesion is ¢, <15 kN/m?2.

Two different failure mechanisms must be investigated for tension piles.
On the one hand, the pull-out resistance of each pile must be checked.
On the other hand, the safety against uplift of the entire subsoil block,
which surrounds the tension piles, has to be checked. The second analy-
sis is reflected in Chapter 4.3.3. The stress of tension piles is defined in
Equation 4.4:

For determining pile shaft resistance, a pile load test is applied [2]:

Fa=Fcx Yo +Fqre Yo —Fock  Yaint (4.4)
where:

F, ¢ = characteristic value of the tensile load as a result of dead
loads

Yo = partial safety factor for dead loads in the limit state GEO-2

F. q.rep = characteristic resp. representative value of the tensile load as
a result of unfavorable variable effects

Yo = partial safety factor for unfavorable loads in the limit state
GEO-2

F.ci = characteristic value of a simultaneously acting pressure load
as a result of constant loads

Yo.n¢ = partial safety factor for constant pressure load in the limit
state GEO-2
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4.3.3 Pile groups with axial loads

Normally, buildings are founded on pile groups. Figure 4.5 shows an
optional arrangement of a pile group with a foundation raft around the
center of gravity S. The deep foundation is loaded by the vertical impact
V and the bending moments M, and M,. Under the assumption that the
foundation raft behaves as a rigid element, the axial load E;; on a single
pile i can be calculated by Equation 4.5. The algebraic sign results from the
load on the pile. In geotechnical engineering, pressure loads are defined by
a positive algebraic sign.

vV, M M
Ei,k =+ =+ y 'Xii X 'yi
o ZX? 2“2 (4.5)

The load deformation behavior of a pile group cannot be estimated based
on a load-settlement curve of a single pile because the single piles of a pile
group influence each other [9]. For an approximate analysis of the settle-
ments, the pile group can be considered as a deep spread foundation. For
homogenizing the settlements of a pile group, the connecting foundation
raft, or the strip foundation grid must be sufficiently rigid.

Tension pile groups are often used for buoyancy control of excavations,
docks, or locks. The piles form a compact subsoil block with the surround-
ing soil (Figure 4.6). For analysis of the safety against uplift, the buoyancy
of the subsoil block (limit state UPL) and the Equations 4.6 and 4.7 are
used. The weight G, of the trailed subsoil block of a single tension pile has
to be determined by the weight y of the soil (Figure 4.7). For soils under the
groundwater level, the weight y’ must be applied.

=V

Figure 4.5 Optional arrangement of a pile group.
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Figure 4.7 Geometry of a subsoil block of a single pile.

Gdst,k : YG,dst + stt,rep : YQ,dst < Gstb,k : YG,stb + GE,k : ’YG,stb (46)
where
Gyux = characteristic value of the permanent destabilizing vertical
effects
Yoase = partial safety factor for permanent stabilizing effects in the

limit state UPL
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Qustep = characteristic resp. representative value of the variable desta-
bilizing vertical loads

Yqu« = partial safety factor for variable destabilizing vertical loads

Gy = lower characteristic value of the permanent stabilizing verti-
cal effects

Youb = partial safety factor for permanent stabilizing vertical effects
in the limit state UPL

Gg, = characteristic weight of the attached soil (tension pile
group)

1 2 2 7’
Gex =n{la-lb[L—3-\/la+lb -cotQ j]nw (4.7)

where:
L=length of the tension piles
|, =the larger grid size of the tension pile group
|, =the smaller grid size of the tension pile group
n,=the number of tension piles
y=density of the soil (y’ for soils under the groundwater table)
n,=adjustment factor (n,=0.80)

For piles with pile toe enlargement and for piles that are founded in rock,
the subsoil block is considered for the calculation of the pull-out resistance.
For analysis of the uplift of the subsoil block, a lateral shear resistance T,
can be assessed as a stabilizing effect. However, this adoption has to be
examined in every single case. To determine the lateral shear resistance,
attention is drawn to the above-mentioned technical regulations and to the
literature.

If the pile distance is equal to or smaller than the square root of the prod-
uct of the pile diameter and the embedment depth in the mostly bearing soil
layer, the pull-out resistance normally depends on the soil block.

Figure 4.8 shows an example of the application of tension pile groups.

4.3.4 Single piles with horizontal loads

According to [1], piles with a diameter D,;>0.30 m and an edge length
a,>0.30 m may be used for carrying horizontal loads in a foundation sys-
tem. The horizontal resistance of a single pile can be characterized by the
horizontal subgrade reaction modulus k. The soil stresses cannot become
larger than the passive earth pressure e,.

For the determination of the internal forces, Equation 4.8 can be used
to calculate the horizontal subgrade reaction modulus. Therefore, the stiff-
ness modulus E,, has to be determined by laboratory or field tests if no
pile load tests in situ are performed. If the following equation is used, the
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Figure 4.8 Application of tension piles for the protection against buoyancy.

horizontal displacement at the pile head has to be limited to 0.03 D, to
maximal 2 cm:

Eqx

k1 D. (4.8)

where:

k,, = horizontal subgrade reaction modulus for a stress level under
characteristic resp. representative loads

E,, = stiffness modulus for a stress level under characteristic resp.
representative loads

D, = pile diameter (resp. pile edge length a,)

To ensure the stability of horizontal-loaded piles, F,, ;<R ; has to be
verified. Smooth, slender piles must be analyzed according to the limit
state STR (failure of the structure or its elements) and according to the
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limit state GEO (failure of the soil) if they are completely embedded in
the soil and the horizontal characteristic load is <3% of the vertical
load for BS-P and <5% of the vertical load for BS-T. If the limits are
passed, the analyses of the horizontal load-bearing capacity have to be
as follows:

e Determination of the soil reaction (e.g., horizontal subgrade reaction
modulus according to Equation 4.8)

® Determination of the internal forces

* Verification that the characteristic normal stresses o, between the
pile and the subsoil do not exceed the characteristic passive earth
pressure e, , at any point

e Calculation of the design loads (factorization of the characteristic
internal forces by the partial safety factors)

e Verification that the design value of the resistance is smaller than the
design value of the soil resistance down to the spatial passive earth
resistance until the zero point of the lateral forces

e Analysis of the internal bearing capacity (failure of material)

Short, rigid piles can be designed according to the method of Blum [9],
for example.

To analyze the deformation behavior of a horizontal-loaded single pile,
pile load tests have to be performed to determine the horizontal subgrade
reaction modulus k [1].

The horizontal displacement y along the depth z of smooth, slender piles
can be described by the flexural stiffness EI, the pile diameter D, and the
differential equation of an elastic beam considering the horizontal stress o,
(Equation 4.9). Analogous to the subgrade reaction modulus method, the
Winkler spring model specifies the relation between horizontal pile dis-
placement y and the horizontal stress 6, which can be determined approxi-
mately by o, =k, y [9].

z
ks,k,i (Z) = ks,k,i : H (4.9)

S

4.3.5 Pile groups with horizontal loads

If pile groups under a raft or under a pile grid are loaded horizontally,
all single piles have nearly the same displacement at the pile top. Due to
the distinct interaction between the piles, the construction and the subsoil
(soil-structure interaction) the single piles get different horizontal loads,
depending on the position inside the pile group. For example, the front pile
row gets larger horizontal loads than the back pile row [9].
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Figure 4.9 Reduction factor o, in accordance with the relationship between the pile axis
in the direction of the force and the diameter of the pile shaft (a /D).

The distribution of a horizontal load H; of a double-symmetric pile
group can be determined by Equation 4.10. The reduction factors «; depend
on the pile spacing a; in longitudinal direction, on the pile spacing a, in
cross direction, as well as on the position of the pile inside the pile group.
The reduction factors o, ag, and g, are defined in the Figures 4.9 and
4.10. The reduction factor «; is defined in Figure 4.11. At pile spacings of
a; >6D, and ay> 3D, no group effects exist.

Hi Oy
He Yo (4.10)
where:

H; =horizontal load on pile i
H; =amount of the horizontal loads on the pile group

For the design of the piles and for calculation of the deformations, the
horizontal subgrade reaction modulus must be reduced. The reduction of
the horizontal subgrade reaction modulus for bored piles in consolidated
cohesive and non-cohesive subsoil as well as in over-consolidated cohesive
subsoil is described in [2].

For bored piles in consolidated cohesive and non-cohesive subsoil, the
horizontal subgrade reaction modulus can be adopted approximately as
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linear, increasing with the depth z (Equations 4.10 and 4.11). In Equations
4.10 and 4.11, the following variables are used:

EI 0.2
Ly =
: [ ksE,k J

L

for — >4 ks,k,i = ail'67 . ksE,k
E
L
for o <20 ko =04 kg (4.11)
E

EI = flexural stiffness of the pile i
k., = horizontal subgrade reaction modulus of a single pile in the
depth z=D,
k,;), = horizontal subgrade reaction modulus of a pile i of the pile
group in the depth z=D;
L, = elastic length of a single pile
L =length of a single pile

The values in the range 4>L/L;>2 can be interpolated linearly.

For bored piles in over-consolidated cohesive subsoil, the horizontal sub-
grade reaction modulus can be adopted approximately as constant with the
depth (Equations 4.12 and 4.13). The values in the range 4>1L/L;>2 can

be interpolated linearly.

Ko (z) = kyy; = const. (4.12)

FI 0.25
Lp=| ——
kSE,k : Ds

L
for —>4: ks,k,i = ocil'33 . ksE,k
E

L
for f <2: ks,k,i =0 ksE,k (413)

E

4.3.6 Empirical values for axial loaded piles

The characteristic pile resistance can be conducted by general empirical
values if the piles are sufficiently deep integrated into the subsoil. The cor-
responding regulations for different pile types are contained in [1,3].
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In general, the mobilized pile base resistance and the mobilized pile shaft
resistance are related to the vertical displacements, which are described
by the settlement s at the pile head. Figure 4.12 shows a characteristic
resistance settlement curve R,(s) as well as its parts, which are the base
resistance R, (s) and the skin friction R, (s) until the settlement limit s,.
The settlement limit s, for the pile base resistance Ry (s,) is defined by
s,=0.10 - D,. The settlement limit s, for the pile shaft resistance R (s) is
defined in Equation 4.14, with the settlement limit s, in centimeters and the
pile shaft resistance R, (s,) in MN.

se =0.50 Ry (ssg) +0.50<3.0cm

(4.14)
The characteristic axial pile resistance R (s) can be determined by
Ry (s) =R (3)+ Ry (s) = qox - Ap + qu,k,i A (4.15)
i=1

where:
R, i (s) =pile base resistance
qp(s) =base resistance
A, =npile base area
R, (s) =pile shaft resistance
Qi =skin friction in soil layer i
A,; =skiarea in soil layer i
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Figure 4.12 Resistance settlement curve.
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Tables 4.2 through 4.5 contain the characteristic values of the base
resistance q,, and the values of the skin friction g, in non-cohesive and
cohesive subsoil. Table 4.6 contains the characteristic values of the base
resistance and the skin friction in rock. The table values depend on

e Undrained shear strength c, of cohesive subsoil

e Cone resistance q. of a cone penetration test in non-cohesive subsoil
e Unconfined compression strength q, in rock

Table 4.2 Base resistance q,, for non-cohesive soils

Relative settlement Base resistance g, [kN/m?]

of the pile head s/D, Cone resistance q, [MN/m?]

resp. s/D, 7.5 15 25

0.02 550-800 1,050-1,400  1,750-2,300
0.03 700-1,050 1,350-1,800  2,250-2,950
0.10(£5S,) 1,600-2,300  3,000-4,000  4,000-5,300

Note: Intermediate values can be interpolated linearly.

For bored piles with an enlarged base, the values must be reduced to 75%.

Table 4.3 Skin friction g for
non-cohesive soils

Cone resistance Skin friction q
q. [MNIm?] [kN/m?]
7.5 55-80

I5 105-140

> 25 130-170

Note: Intermediate values can be
interpolated linearly.

Table 4.4 Base resistance gy for cohesive soils

Relative settlement Base resistance q,, [kN/m?]

of the pile head s/D;

resp. s/D, Shear strength ¢, of the undrained soil [kN/m?]
100 150 250

0.02 350450 600-750 950-1,200

0.03 450-550 700-900 1,200-1,450

0.10( =s;) 800-1,000  1,200-1,500 1,600-2,000

Note: Intermediate values can be interpolated linearly.

For bored piles with an enlarged base, the values must be reduced to 75%.



94 Foundation Systems for High-Rise Structures

Table 4.5 Skin resistance q;, for
cohesive soils

Shear strength c,, of the Skin friction
undrained soil [kN/m?] qs, [kN/m?]

60 3040

150 50-65

> 250 65-85

Note: Intermediate values can be interpo-
lated linearly.

Table 4.6 Base resistance qy,, and skin resistance q,, for rock

Confined compression Base resistance Skin friction q
strength q,,, [MN/m?] Qox [kNIm?] [kN/m?]
0.5 1,500-2,500 70-250
5.0 5,000-10,000 500-1,000
20.0 10,000-20,000 500-2,000

Note: Intermediate values can be interpolated linearly.

To apply Tables 4.2 through 4.5, it must be assumed that

e 0.30 m<D,<3.00 m

e Length into a stable soil layer is>2.50 m

e Thickness of the stable soil layer under the pile base is larger than
3D, resp.>1.50 m

e Stable soil layer has q.>7.5 MN/m? resp. ¢, > 100 kN/m?

Independently in [2], it is recommended to put the pile toes in areas with
q.>10 MN/m?2.
To apply Table 4.6 it must be assumed that

e Length in rock>0.50 m, if unconfined compression strength q,>35
MN/m?

e Length in rock>2.50 m, if unconfined compression strength q,<0.5
MN/m?

e Bedrock has a constant quality

e Spatial orientation of the rock surface as well as the spatial orienta-
tion of the gaps do not benefit a failure

® Gaps are not open and not filled with easily formable material

e Exclusion of a reduction of the strength as a result of a drilling pro-
cess, for example, water in silt stone and clay stone

4.3.7 Pile load tests

The best opportunity for the determination of the bearing capacity of
piles is a load test, which is performed in situ in the project area [32,33].
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Pile load tests can be performed with a vertical or horizontal load for the
determination of the vertical and the horizontal bearing capacity. In prin-
ciple, load tests can be divided into static load tests and dynamic load tests.
Detailed descriptions of the systems as well as information on the perfor-
mance and the examination of the results are given in [2,9]. In the fol-
lowing, only the static pile load test for determining the vertical bearing
capacity is presented.

For static pile load tests, counterweights or anchors are used. The instal-
lation of counterweights or anchors involves large technical and financial
input. Using hydraulic jacks like the Osterberg-cell (O-cell), is more con-
venient. In a test pile, several hydraulic jacks can be installed to determine
the skin friction in different pile segments that correspond to different soil
layers. The single pile segments serve as counterweights for the different
test phases. Figure 4.13 shows the variations of static pile load tests.

The result of a pile load test with vertical load is described by a resistance
settlement curve R_,(s), which can be used as the basis for the analyses of
stability and serviceability. The pile resistance R, which is needed for the
analysis of the limit state GEO-2, is determined out of the resistance settle-
ment curve. Nevertheless, it is often difficult to determine the stability limit
state by the resistance settlement curve because of its curve shape. Normally,
the stability limit state resistance is defined at a maximum settlement of
10% of the pile base diameter (s,=0.10 Dy). This is only applied if the value
of the stability limit state can be identified explicitly, or if the stability limit
state value appears at great settlements [9]. In other cases, other methods
for the evaluation of the stability limit state can be used. Figure 4.14 shows
an example of a qualitative trend of a resistance settlement curve. The pile
resistance R, is determined by means of two straight lines. The first line
draws a tangent on the beginning of the resistance settlement curve and the

w

I W
f 1 II/ Sensor strain Il || Displacement
meters transducer
it et
TI Iqu,k l E lqs,k
f 1 if: > Hydraulic jack
T! T// Load cell et
i i
b,k b,k

(a) (b)

Figure 4.13 Static pile load test with counterweight resp. anchor (a) and a hydraulic
jack (b).
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R, Resistance R.(s) (MN)

\4
Settlement s (cm)

Figure 4.14 Determination of the pile resistance by a resistance settlement curve.

second line draws a tangent on the end of the resistance settlement curve.
The intersection of both lines defines the stability limit state [34,35].
Based on one or several pile load tests, the measured value R, is deter-
mined, which has to be reduced by the factor g, taking straggling into
account. For pressure piles where the superstructure is not able to transfer
loads from softer to stiffer piles, the pile resistance has to be calculated by
Equation 4.16. If the superstructure has a sufficient rigidity, it is able to
transfer loads from softer to stiffer piles. In this case, the straggling factors
&, can be divided by 1.1, considering that &, is always>1.0. The straggling
factor g, is for the measured average pile resistance and the straggling fac-

tor &, is for the measured minimum pile resistance. Table 4.7 shows the
straggling factors &,.

_ (Rem),, . (Rem )mm}

(4.16)

Straggling factors for pile load tests on tension piles and for dynamic pile
load tests are given in [1,3].

Table 4.7 Straggling factor &, for the determination
of the characteristic pile resistance

n ) 2 3 4 >5
& 1.35 1.25 I.15 1.05 1.00
&, 1.35 I.15 1.00 1.00 1.00

Note: n is the number of the pile load tests.
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4.3.8 Special methods for analysis

For defining the bearing capacity of piles, geotechnical analyses have
been developed [9,36,37]. The developed theories of failure principally
differ on the assumption of the failure body and the constitutive equa-
tions. Most theories are based on the simplification that piles are raft
foundations that are very deeply embedded into the subsoil. The failure
mechanism is described analogical to the base failure of classic raft foun-
dations considering only the influence of the depth of the piles and the
cohesion of the subsoil. The width of a pile is neglected due to the very
small influence.

The assumption that pile foundations are like deep raft foundations
leads to a bearing capacity that is increasing linearly with the depth. But
several model tests show that this theoretical effect does not occur in real-
ity [9].

Due to economic and/or technical reasons, for deep foundations with
only a few piles and for offshore foundations, pile load tests are not applied.
Therefore, theories are still developed to determine the bearing capacity of
piles analytically.

4.3.9 Negative skin friction

The negative skin friction is counted among the special influences on
pile foundations [38]. The negative skin friction results from an axial
relative displacement between the subsoil and the pile, which is caused
by settlements of a soft soil layer. Via skin friction the subsoil settle-
ments stick on the pile. This skin friction is characterized as negative
because it acts contrary to the skin friction of pile settlements. The set-
tlements of soft soil layers result, for example, from additional loads,
consolidation processes or a reduction of the groundwater level. For
tension piles, negative skin friction occurs due to a heaving of the sur-
rounding subsoil.

The characteristic value of the negative skin friction in cohesive subsoil
can be evaluated by Equation 4.17. Thereby, the factor « is between 0.15
and 1.60, depending on the subsoil and the pile type. For an approxima-
tion, a=1 can be applied. The characteristic value of the negative skin fric-
tion in non-cohesive subsoil can be evaluated by Equation 4.18.

Tk =0 Cy (4.17)

where:
T, =negative skin friction
c, =shear strength of the undrained soil
a =factor for determining the size of negative skin friction of cohe-
sive soils
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Tox = 0y - Ko - tang’ (4.18)

where:
T, =negative skin friction
o', =effective vertical stress
K, =coefficient of the earth pressure at rest
¢ =angle of friction

The negative skin friction 7, is not larger than the positive skin friction
q, and reaches to the neutral point, from where only the positive skin fric-
tion takes effect.

If the bearing capacity of a pile foundation is adjusted by pile load tests,
the influences of the negative skin friction have to be considered. Therefore,
the measured positive skin friction in the compressible layer and in the lay-
ers above, in which the negative skin friction can occur, must be subtracted
from the measured load value on the top of the pile [3].

4.3.10 Serviceability limit state (SLS)

The analysis of safety against loss of usability (serviceability limit state
SLS) has to be focused on if the deformation of the pile foundation is signif-
icant for the rising construction. This is important with regard to absolute
settlements as well as differential settlements.

The settlements of a pile group with a predominant load transfer via pile
base pressure can be calculated analogical to a deep raft foundation. For
a pile group with a predominant load transfer via skin friction, the settle-
ment determinations are much more complex. If a precise determination of
the deformation behavior of the pile foundation is necessary, it is recom-
mended to apply a numerical simulation [2]. These numerical simulations
have to be calibrated in an appropriate form, for example, on the basis of
pile load tests [39-41].

A differential settlement can be determined as explained in Figure 4.15
[9]. The characteristic settlement s, ¢ defines the permitted settlement of a

Re i, sis Re i, uLs
>R,
i, SSLS, min C’
2xASgis{ =IRCS SsLs

N
SsL$ max - A

SULS

Figure 4.15 Determination of the expected differential settlement of a pile group.
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building. To analyze potential impacts of differential settlements of neigh-
boring piles, the settlement sg; ¢ has to be increased or reduced by a factor,
so a range of 2Asg ¢ results. A cautious estimation is Asg; ¢=0.15s; ¢ if no
further analyses are planned.

4.4 EXAMPLES OF CLASSIC PILE FOUNDATIONS
FROM ENGINEERING PRACTICE

4.4.] Commerzbank

The new high-rise building of the Commerzbank in Frankfurt am Main,
Germany, is 259 m high; including the antenna, it is about 300 m high.
Until 2003, it was the tallest building in Europe. It was constructed from
1994 to 1997, and it is founded on a classic pile foundation in rock [42].
Figure 4.16 gives an impression of the high-rise building. The ground view
has a triangular shape with a length of each edge of about 60 m. The con-
struction has three sublevels. The raftis 2.5 m to 4.45 m thick. The founda-
tion depth of the raft is 12 m below the surface.

The settlement-relevant weight of the building is about 1400 MN [43].
The foundation consists of 111 bored piles with a length of 37.6 m to
45.6 m. The piles have a diameter of about 1.8 m in the Frankfurt Clay and
a diameter of 1.5 m in the Frankfurt Limestone. The piles reach about 10 m
into the rock material of the Frankfurt Limestone.

Figure 4.17 shows the measured settlements. The new Commerzbank
high rise building has a settlement of 1.5 cm to 2 em. The existing high-rise
building, which is 103 m high, has additional settlements of up to 1.4 cm
due to the new high-rise building.

4.4.2 PalaisQuartier

The challenging construction project “PalaisQuartier” has been realized
in the center of Frankfurt am Main, Germany [44-46]. The project con-
sists of two towers and adjacent buildings. The towers are up to 136 m
high. Under the entire area, underground parking with five levels has been
constructed. The foundation level is 22 m below the surface. The whole
building complex has been constructed by using the top-down method. The
structure is founded on 302 bored piles with a length of up to 27 m and
a diameter of up to 1.86 m. The pile base is located in the stiff Frankfurt
Limestone. Figures 4.18 and 4.19 give an impression of the whole building
complex.

Due to the large number of piles an optimization of this classic deep
foundation system was desired. Therefore, in situ pile load tests using
Osterberg-cells (O-cells) were carried out. The bearing capacity of the
piles in the Frankfurt Limestone with and without a shaft grouting was
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Figure 4.16 High-rise building Commerzbank.

of importance. The test pile with a diameter of 1.7 m had two load cell
levels between the three pile segments. The upper and the middle pile seg-
ment have a length of 5 m each. The lower segment has a length of 0.5 m
(Figure 4.20). To increase the skin friction at the middle pile segment, a
shaft grouting was carried out before starting the test. The upper and the
middle pile segments were used for determination of the skin friction in the


http://www.crcnetbase.com/action/showImage?doi=10.1201/9781315368870-5&iName=master.img-019.jpg&w=212&h=425
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Figure 4.17 Measured settlements.
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Figure 4.18 Building complex PalaisQuartier.

Frankfurt Limestone. The lower pile segment was used for determination
of the base resistance at the pile toe. The rest of the borehole was filled with
gravel.

In the first phase of the pile load test, the upper test segment was lifted
by the upper O-cell. In this phase, the middle and the lower pile segments
were used as an abutment. The lower O-cell was stiffened (Figure 4.21).
The mobilized skin friction in the Frankfurt Limestone, without a shaft
grouting was 830 kN/m?.

In the second phase of the pile load test, the upper O-cell was released.
Afterward, the middle and the lower pile segments were strained by the
lower O-cell (Figure 4.22). The mobilized skin friction in the Frankfurt
Limestone with a shaft grouting was 1040 kN/m?. Compared to the results
of test phase 1 without a shaft grouting the skin friction is 24% bigger. The
pile base resistance was about 7000 kN/m?. Based on the results of the pile
load test, most of the foundation piles were constructed with a shaft grout-
ing in the Frankfurt Limestone. A significant amount of pile meters and
related construction time, material and financial resources could be saved.

4.4.3 International Business Centre Solomenka

In Kiev, Ukraine, a new International Business Centre Solomenka is under
construction. The project consists of a 32-storey building, a shopping
mall, an office building and underground parking. Figure 4.23 gives an
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Figure 4.19 Cross-section through the building complex PalaisQuartier.

impression of the project. The foundation of the building complex was
originally planned as a classic pile foundation with 167 bored piles with a
diameter of 1.5 m and 99 barrettes with dimensions between 2.8 mx 0.8 m
and 6.8 mx0.8 m. The length of the planned deep foundation elements
was 14 m to 46 m. The soil and groundwater conditions are shown in
Figure 4.24.

Due to the large number of deep foundation elements, an optimization
of this classic deep foundation system was necessary. Therefore, in situ pile
load tests using O-cells were carried out at a sample pile with a diameter
of 0.88 m and a length of 12 m. To investigate the pile base resistance in
the clay and clay marl (Kiev formation), the pile base was constructed at a
depth of 37 m under the ground surface. The empty boreholes were filled
with gravel. Figure 4.25 shows the test setup of the pile. The test pile had
two levels with O-cells (upper O-cell and lower O-cell). The upper O-cell
was installed approximately 5.5 m above the pile toe. The lower O-cell was
installed 50 cm above the pile to in the Kiev clay marl. The two O-cells
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Figure 4.20 Pile load test using O-Cells.
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Figure 4.21 Testphase | for the determination of the skin friction of Frankfurt Limestone
without a shaft grouting.

divide the test pile in an upper segment 1 with a length of 6.5 m, in a middle
segment 2 with a length of 5 m, and in a lower segment 3 with a length of
0.5 m.

The test covered two different load phases. In the first phase, the upper
O-cell was activated in order to determine the skin friction of the upper
layers of the pile segment 1. The skin friction and the peak pressure of
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Figure 4.22 Test phase 2 for the determination of the skin friction of Frankfurt Limestone
with a shaft grouting.

Figure 4.23 International Business Center Solomenka in Kiev, Ukraine.
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Figure 4.25 Test setup of the sample pile.

the Kiev clay marl are used as abutment. The applied maximum load was
1.2 MN. The load displacement curve of the first test phase is displayed in
Figure 4.26. Due to the occurring displacements the ultimate limit state
capacity of the pile segment 1 was reduced to 1 MN. The limit skin friction
of the soil layers of pile segment 1 is about 65 kN/m?2.

The second test phase was split up into phase 2A and phase 2B. In the
test phase 2A, the lower O-cell was activated, and the pile segment 2 was
pressed upward. The upper O-cell was released, so that no load transmis-
sion to the pile segment 1 could take place. The load was increased up to
the limit resistance of 1.15 MN of the pile segment 2. The load displace-
ment curve of the test phase 2A and 2B is displayed in Figure 4.27. The
limit skin friction of the soil layers of pile segment 2 in Kiev clay marl is
about 80 kIN/m2. This is 25% higher than specified in Kiev up to this test.
To determine the base resistance in Kiev clay marl in test phase 2B, the
upper O-cell was stiffened and the lower O-cell was activated again. The
load was increased up to the limit of the O-cells. The limit value of the base
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resistance of pile segment 3 could not be reached. The maximum mobilized
base resistance is about 3000 kN/m?.

Based on the results of the in situ pile load tests, the first planning of the
deep foundation system was revised. In the final design, the total length of
piles and barrettes was reduced by about 25%, which led to a significant
reduction of material used, money invested, and construction time needed.
By using O-cells, the pile load test has been carried out very precisely and
efficiently.
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Chapter 5

Combined pile-raft
foundation (CPRF)

A CPRF is a special form of deep foundation. A CPRF is a hybrid founda-
tion system that combines the bearing capacity of a foundation raft and
the piles or barrettes. A CPRF is a technically and economically optimized
foundation system. CPRFs can be used for the foundations of classic high-
rise buildings as well as for engineering constructions like bridges and
towers.

For CPRFs, the same technical regulations as for classic deep founda-
tions can be applied [1]. An additional regulation is the Combined Pile-
Raft Foundation Guideline [2], which reflects the individual features of
a CPRF. The CPRF Guideline is internationally valid and published by
the International Society for Soil Mechanics and Geotechnical Engineering
(ISSMGE) [3].

Due to the interaction between the foundation elements and the subsoil,
CPRFs have a very complex bearing and deformation behavior. Therefore,
CPRFs have to be classified into the Geotechnical Category 3 according
to EC 7. For safety and quality assurance, not only does an independent
checking engineer have to be involved for structural design, but also an
independent checking engineer of geotechnics, has to be involved to guar-
antee the four-eye principle [2].

The advantages of a CPRF, compared to a conventional spread founda-
tion and a classic pile foundation, can be summarized as follows:

Reduction of settlements and differential settlements
Increasing of the bearing capacity of spread foundations
Reduction of the bending moments of the foundation raft
Reduction of pile materials (30%-50%) [4]

5.1 BEARING AND DEFORMATION BEHAVIOR

Measurement data of high-rise buildings with spread foundations in
Frankfurt am Main, Germany, showed the load transfer into the subsoil.
Between 60% and 80% of the settlements arise in the upper third of the
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Figure 5.1 Load transfer of a CPRF.

influenced soil volume (Figure 5.1) [5]. A CPRF transfers a part of the
stresses from areas with a small stiffness under the foundation raft to a
stiffer, deeper area of the subsoil. This transmission is effected via the piles
of the CPRF without neglecting the bearing capacity of the foundation
raft.

According to [1], a CPRF can be constituted as a geotechnical com-
posite structure, which consists of the following, interacting bearing
elements:

e Piles
e Foundation raft
e Subsoil

The bearing and deformation behavior is characterized by the interaction
between the bearing elements and the subsoil. Figure 5.2 shows all interac-
tions of a CPRF. Due to the stiffness of the foundation raft, the loads F,,
of the rising structure are transferred to the piles and the subsoil. Similar
to a classic deep foundation, the mobilized resistance of a CPRF depends
significantly on the settlement s. The integration of the soil contact pressure
o(x,y) under the foundation raft is the resistance R, (s). The resistance of
the foundation piles ¥R ;. .(s) added to the resistance of the foundation raft
R,.r.(s) delivers the total resistance R, (s) of a CPRF (Equation 5.1). With
Equation 5.2, the resistance of a single foundation pile i can be determined.
The resistance of a single pile of a CPRF consists of the skin resistance
R, i(s) and the pile base resistance R, ;(s). The skin resistance R ;(s) can
be calculated by integration of the skin friction g (s,z), which depends on
the settlement s and the depth z.

Reoek (8) = ZRpile,k,i (s) +Riagek(s) (5.1)
i=0
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Rpitesi (8) =Rppi () + Ry (8)

n-D?
4

= Qi - + Jqs,k,i(s,z) m-D-dz (5.2)

The load deformation behavior of a CPRF can be specified by the CPRF
coefficient aprp. The coefficient declares the relation between the resis-
tance of the piles and the total resistance (Equation 5.3). The CPRF coef-
ficient varies between 0 and 1. A CPRF coefficient acpgp=0 means that
the whole load F,,, is carried by the foundation raft. A CPRF coefficient
acprp=1 means that the whole load F,, , is carried by the foundation piles.
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According to [2], CPRFs with a CPRF coefficient acprr between 0.3 and
0.9 have been realized. Related to technical and economic aspects, a CPRF
coefficient acprr between 0.5 and 0.7 can be considered as optimum.

Rpile,k,i ( S )
OlcpRF = W (5.3)
tot,k

The load deformation behavior of a CPRF depends on the stress state
of the subsoil. The value of the mobilized skin friction of the piles is influ-
enced by the effective horizontal stresses. The stress level of the subsoil
around a pile of a CPRF is influenced by the neighboring piles, the founda-
tion raft, and the effects during the construction of the pile itself. Due to
the soil contact pressure under the foundation raft, the stress level of the
subsoil increases, which leads to considerably higher skin frictions that can
be mobilized in the upper parts of the piles, depending on the settlements.
Conversely, the piles reduce the soil contact pressure under the foundation
raft.

The load deformation behavior of a CPRF is influenced by the pile-raft
interaction as well as by the pile—pile interaction. For the same geometric
dimensions of a raft, the CPRF coefficient aprr depends on the arrange-
ment of the piles. The arrangement of the piles is described by the ratio e/D
(pile spacing e to pile diameter D) and the ratio 1/D (pile length 1 to pile
diameter D), as well as by the load and settlement state of the CPRF.

If the ratio e/D is low, or if the construction has a high number of piles
n, the proportional load distribution between the piles and the foundation
raft remains nearly constant, even if the total load is multiplied. The load
component, which is carried by the piles, can increase slightly because of a
rising load level.

If the ratio e/D is high, the load component carried by the foundation
raft as well as the settlements is rising in connection with a higher load
level. Concurrently, the load component carried by the piles decreases. The
reason for this is the different load-bearing behavior of the piles, which is
influenced by the pile spacing e.

If the pile spacing e between the piles of a CPRF decreases, the deviation
of the load bearing of a single pile increases. If the ratio e/D >3, the load-
bearing behavior of a pile of a CPRF essentially depends on the position
within the foundation system.

Analogically to classic pile foundations, at the same settlements the pile
resistance of a CPRF increases from the center to the edge of the raft. Due
to the neighboring piles, the inner piles receive significantly smaller loads.
The edge piles, especially the corner piles, receive the majority of the loads.

Due to the missing shielding by neighboring piles, the edge piles and
corner piles offer a significantly higher rigidity. The pile resistance,
which depends on the pile position, is mainly caused by the different skin
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resistances, while the pile base resistance is nearly independent from the
pile position.

With growing pile spacing e between the piles, at a CPRF the influence
of the neighboring piles gets smaller, analogue to a classic pile foundation.
If the ratio e/D >6, all piles of a CPRF have the same load deformation
behavior independent of their position. There is no group effect.

At a classic pile foundation, the mobilized skin friction at the upper parts
of the piles is comparatively small, which can be explained by the low stress
level. In contrast, larger settlements at a CPRF lead to bigger skin frictions
in the upper parts of the piles, which can be explained by the higher stress
level.

5.2 CALCULATION METHODS

For the design and calculation of a CPRF, various calculation methods can
be selected, all of them based on different calculation methods and model-
ing schemes. Detailed descriptions and literature references to the different
methods can be found in [2,6-13].

The results of the different methods depend on the modeling schemes and
the simplified assumptions and boundary conditions. Only for a prelimi-
nary design or in very simple cases are these methods sufficient to develop
a technically and economically optimized CPRF. Only the numerical meth-
ods provide calculation results that are comparable to the reality.

The following calculation methods are available [2].

e Empirical methods: Based on the results of laboratory and field tests,
the bearing capacity of a pile can be determined via correlations and
the use of tabular values. Using further correlations, the bearing
capacity of a pile group is determined. The correlations and empirical
equations are based on experiences made at iz situ measurements and
model tests.

® Methods with equivalent alternative models: The CPRF is seen as an
alternative model, such as a deep spread foundation or a thick single
pile.

e Analytic methods: For example, at first, the bearing capacity of the
foundation raft is determined, neglecting the piles. If the loads are
higher than the bearing capacity of the raft, the surplus loads are
allocated to the piles. The piles are regarded as single piles whose
resistance can be fully activated. The settlements are determined for
the foundation raft and its respective load. Due to its disregard of all
interactions, this approach is only convenient as a first assessment.

e Numerical methods: The finite element method (FEM) is the generally
used numerical method, being able to consider and solve complicated
geometries and nonlinear constitutive equations. In three-dimensional
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simulations, the foundation elements are modeled with linear elas-
tic material behavior, while the subsoil is modeled with elastoplastic
material behavior.

5.3 GEOTECHNICAL ANALYSIS

5.3.1 Ultimate limit state (ULS)

Analogous to the classic pile foundations, CPRFs have to be analyzed in
accordance to the internal and external bearing capacity. The analysis of
the internal bearing capacity is conducted according to the corresponding
standards and regulations. The analysis of the external bearing capacity is
conducted under consideration of the time-dependent material behavior of
the subsoil and the rigidity of the rising structure.

According to [14], the external bearing capacity (geotechnical analysis
GEO-2) is sufficient, if the design value of the loads E, is smaller or equal
to the design resistance R, 4(s) (E4 <R, 4(s)). The design value of the resis-
tance R, 4(s) is defined by Equation 5.4. The total resistance of a CPRF is
calculated for the whole foundation system, which consists of the founda-
tion raft and the piles. A separate geotechnical analysis of the single piles
is not necessary.

Rtot,k (S)

Rioed (S) = v
R,v

(5.4)

The characteristic resistance must be calculated by using a validated
model, for example, numerical methods. In simple cases, the application
of other methods, for example, analysis of the base failure, is possible.
Criteria of simple cases are

e Simple geometry (similar pile length and diameter; constant pile spac-
ing; rectangular, quadratic, or round foundation raft; excess length of
the foundation raft over the outer piles <3D,)

¢ Homogenous subsoil (no major differences of the stiffness)

e Centric loads

¢ No predominating dynamic loads

If for the analysis the base failure method is used, the resistance is speci-
fied by the lower edge of the foundation raft. The vertical bearing capacity
of the piles is negligible. Indeed, the anchor bolt resistance of the piles in
the failure surface can be considered [15].

The basics of the analysis of the ULS of a CPRF are summarized in the
“ISSMGE Combined Pile-Raft Foundation Guideline” [3], which is fully
printed in the appendix of this book.
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5.3.2 Serviceability limit state (SLS)

For the assessment of the suitability of a CPRF, a maximum settlement,
resp. a maximum settlement difference, must be specified. In the context
of the verification of the serviceability, the specified limit values must be
proved under characteristic loads. The specified limit values for the defor-
mation are defined by the rising structure as well as by neighboring build-
ings and structures on the surface and under the surface.

The analysis of the internal bearing capacity of SLS is conducted accord-
ing to the corresponding standards and regulations. This includes, for
example, the limitation of crack widths of reinforced-concrete components.

5.3.3 Pile load tests
5.3.3.1 Basics

According to [1], for the design and the calculation of a CPRF, knowledge
about the load deformation behavior of a free, single pile is necessary. If
there is no knowledge of the bearing capacity of piles for a special pile type
and in comparable soil conditions, a pile load test has to be performed. If a
pile load test is not performed, the bearing capacity of a single pile can be
estimated on the basis of empirical values, whereby this simplification and
transferability has to be proved.

Knowledge about the bearing capacity of a free, single pile is important
for two reasons. On the one hand, it is the only way to evaluate the selected
geometries of the piles in accordance to the technical and environmental
aspects and to prove the plausibility of the calculation method. On the
other hand, it is possible to calibrate the numerical models. For complex
construction projects and/or difficult soil conditions, iz situ pile load tests
are strongly advised.

5.3.3.2 Examples

For the new construction of a high-rise building in soft subsoil, numerical
simulations have been carried out for the design of a CPRF [16]. The cali-
bration of the numerical simulations is based on the results of a pile load
test, which has been carried out on the project area. For the loading mecha-
nisms, Osterberg-cells (O-cells) were used. The test pile consisted of three
segments: The upper test segment 1, the middle test segment 2 between the
two O-cells, and the lower test segment 3.

For the determination of the pile base resistance and the skin friction
of the different soil layers, the individual O-cells were activated in various
testing phases. For the determination of the skin friction and the pile base
resistance of the test segment 3, only the lowest O-cell was activated, while
test segment 2 was used as an abutment. For the determination of the skin
friction of the test segment 2, the upper O-cell was activated, while the
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lower O-cell was released. In this test phase, test segment 1 was used as the
abutment. For the determination of the skin friction of test segment 1, the
upper O-cell was activated and the lower O-cell was stiffened. During this
test phase, the test segments 2 and 3 were used as abutments.

The calibration of the numerical simulations of the CPRF was determined
by a numerical back analysis of the pile load test using FEM. Figure 5.3
illustrates the setup of the test and the mesh of the FEM simulation with
the three test segments and the two O-cells. The results of the in situ pile
load test and the numerical back analysis are illustrated in Figure 5.4.
The displayed curves show a good accordance. Based on the results of the
numerical back analysis, the determined soil mechanical parameters were
adjusted. Moreover, the simplified stratigraphy, which was necessary for
the numerical simulations, was verified.

The design of the CPRF is performed by three-dimensional, nonlinear
FE-simulations. The length, diameter and the number of the piles were
optimized on the basis of the FE-simulations taking into account the

S
Axis of symmetry}

Pile segment 1 | 4
Detail | Element of Soil
: the pile skin element

¥

Pile
element

Load cell —

Axis of 1 b

] !
symmetry 17—&< Upper load cell
D/2 0.1'D

Pile segment 2

Lower load cell

Pile segment 3

y A

Figure 5.3 Setup of the pile load test and the numerical simulation.
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Figure 5.5 FE-Mesh of the optimized CPRF.

requirements of the load deformation behavior. Figure 5.5 illustrates
the optimized CPRF in the FE-simulation. The CPRF coefficient is
acprr=0.8, which means that 80% of the total building weight is car-
ried by the piles and 20% of the total buildings weight is carried by the
raft.
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5.4 CPRF GUIDELINE

The CPRF Guideline, which was originally included in [2] and is mean-
while published in English [3], is responsible for the planning, design, veri-
fication, and construction of vertical loaded CPRFs. This regulation can be
transferred to CPRFs using sheet piles or barrettes, or to horizontal loaded
CPRFs.

The CPRF Guideline cannot be used in the following cases:

e Soil layers with a small stiffness direct under the foundation raft (e.g.,
soft cohesive soils, organic soils, fillings with a high sagging potential)

e Layered soil conditions with a relation between the stiffness of the
upper and the lower layer of E , ./E e < 1/10

e CPRF coefficients acpgp> 0.9

According to Refs. [2] and [3], a CPRF is classified into the Geotechnical
Category GC 3. Therefore, the requirements are very high on the soil inves-
tigation, the construction, and the supervision, including the measurements.

5.5 MONITORING OF A CPRF

Very early in a planning stage a monitoring program has to be developed
to check the load deformation behavior as well as the force transmission
within a CPRF [1]. Therefore, the monitoring program has to include the
geodetic and geotechnical measurements of the new building and of the
vicinity. During the building phase and the serviceability phase, the moni-
toring program has to fulfill the following tasks:

e Verification of the calculation model and the parameters used
e Early detection of critical states
e Construction-related verification of the predicted deformations
® Quality assurance and preservation of evidence

The parameters, which need to be measured in the area of the CPRF and
the associated measurements, are illustrated in Figure 5.6. Moreover, the
construction pit and the vicinity have to be monitored.

5.6 EXAMPLES FROM ENGINEERING PRACTICE

A CPRF is a technically and economically optimized foundation system,
which is established in engineering practice, but it is still an open research
topic. Numerous examples show its excellent applicability [4,17,18]. The
scope of application includes not only vertical loaded CPRFs, but also
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Figure 5.6 Monitoring of a CPRF.

horizontal loaded CPRFs [19]. The following subsections demonstrate sev-
eral construction projects where CPRFs were applied to realize an eco-
nomical and reliable basis for high-rise structures.

5.6.1 Messe Torhaus

The construction of the Messe Torhaus office building in 1983-1985 was
the first application for a CPRF in Frankfurt am Main, or indeed any-
where in Germany [20]. The building has up to 30 storeys (Figure 5.7).
Due to an adjacent triangular intersection of railway bridges, a settlement-
restricted foundation was required. The office building is founded on two
separate rafts and is underpassed by a road. The subsoil consists of quater-
nary gravel down to 5.5 m below the surface, underlain by Frankfurt Clay
extending to a great depth.

The CPRF consists of two separate rafts, each with 42 bored piles with
a length of 20 m and a diameter D of 0.9 m. The 6x 7 piles of each raft
are arranged symmetrically with a pile spacing e of 3-3.5 times of the pile
diameter D. Both rafts have dimensions of 17.5 mx24.5 m and are founded
3 m below the surface. Each raft carries an effective structural load of
200 MN.

As there had been no precedent, the design of the CPRF for the Messe
Torhaus was based on a conventional approach recommended by the
German codes for fully piled foundations. Here the assumption was that
all piles would be utilized at their ultimate bearing capacity, as known for
a single pile, with the remaining part of the structural load transmitted
directly by the raft to the subsoil.
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Figure 5.7 Messe Torhaus.

During construction, the behavior of the CPRF was monitored by a geo-
detic and a geotechnical measurement program. As shown in Figure 5.7
for the northern CPREF, 6 piles have been instrumented with strain gauges
and a load cell at the pile base, 11 earth pressure cells have been installed
beneath the raft, and 3 extensometers lead down to a depth of 40.5 m
below the raft [20].

Figure 5.8 illustrates the measured load-settlement behavior of the
northern CPRF, dividing the total structural load (R,,,) into the load car-
ried by the raft (R,,;) and by the piles (XR ;. ;). The measurements indi-
cate that only a small part of the structural load is transferred by the raft
to the soil. The time-load and time-settlement curves in Figure 5.9 show
that from the early beginning of concreting the raft, the contact pressure
between raft and soil mainly comprises the dead weight of the raft, as
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the additional loads of the superstructure are transferred by the piles to
the subsoil [21]. The CPRF coefficient acpry is 0.8. Due to the fast con-
struction process, 95% of the dead load of the building had been applied
within 8 months of the start of the construction. At the same time, only
40% of the final settlement had been recorded. The consolidation of the
Frankfurt Clay led to additional settlements that were still continuing
3 years after the completion of the superstructure. During the consolida-
tion process, the load distribution between raft and piles has remained
constant.

The settlement distribution with depth measured by the extensometers is
shown in Figure 5.10 for the center (EX1) and the edge (EX3) of the north-
ern CPRF. As the extensometers were installed after concreting the raft,
only additional settlements caused by the load of the superstructure were
recorded [20]. Down to the level of the pile bases, the settlements remain
approximately constant, indicating a block deformation of the piles and the
surrounding soil.

The different pile loads are a consequence of the dependency of the mobi-
lized skin friction, depending on the position of a pile within the group.
Figure 5.11 shows the measured distributions of pile force and skin resis-
tance for the corner pile and the inner pile. The corner pile mobilized an
average skin friction of 140 kN/m? in the lower two-thirds of the pile shaft,
whereas the inner pile mobilized a skin friction of only 60 kN/m? in the
lowest third of the pile shaft. The value of 140 kN/m? for the skin friction
of the corner pile is more than twice the value of the ultimate skin fric-
tion of 60 kN/m? determined from static load tests on short, single piles in
Frankfurt Clay [22].
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5.6.2 Messeturm

The Messeturm in Frankfurt am Main, Germany, is 256.5 m high. It is
founded on a CPRF in the Frankfurt Clay (Figure 5.12). The foundation
raft has a ground view of 58.8 mx 58.8 m with a maximum thickness of
6 m in the center and a thickness of 3 m at the edges. The base of the foun-
dation raft is about 11-14 m below the surface. The raft is combined with
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Figure 5.12 Messeturm.

64 bored piles with a diameter of 1.3 m and a length of 30.9 m in the center
ring and 26.9 m at the edges (Figure 5.13). The total load, including 30%
of live loads, is about 1855 MN.

In the area of the Messeturm artificial filling at the top is underlain by
quaternary sand and gravel, which reach 8-10 m below the surface. Below
the quaternary layers follows the tertiary Frankfurt Clay to a depth of about
70 m. The groundwater table is about 4.5-5.0 m below the surface [23,24].

Based on the observational method, the settlements were measured. The
maximum settlement of about 13 ¢m was measured in December 1998
(Figure 5.14).

The CPRF was calculated using the FEM. Thereby a section of the foun-
dation was modeled, using the symmetry of the ground view (Figure 5.15).

The FE-calculation was carried out with a step-by-step analysis of the
construction process, considering the excavation of the construction pit,
construction of the CPRF, groundwater lowering, loading of the CPRF and
groundwater re-increase.

Single calculations were carried out with the FE model for different foun-
dation systems. Thereby, different pile configurations and pile length were
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analyzed, as well as a pure raft foundation. In Figure 5.16, the calculated
settlements of the realized CPRF are compared with the settlements, calcu-
lated for a pure raft foundation.

The maximum settlements of a pure raft foundation were calculated
to 32.5 cm. The calculated maximum settlements of the CPRF are nearly
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Figure 5.16 Measured and calculated settlements.

equal to the in situ measured maximum settlements of 13 cm. The CPRF
coefficient is about acprp=0.43 [24].

Based on several pile load tests in Frankfurt Clay, the ultimate skin fric-
tion of bored piles was estimated to 60-80 kN/m? for 20 m long piles.
At the piles of the Messeturm, an average skin friction qq of 90 kN/m?
to 105 kN/m? was measured. At the pile toe, a maximum skin friction of
qs=200 kN/m? was measured.

A pure pile foundation would have required 316 piles with 30 m length.
In comparison to the realized CPRF with 64 piles and an average length of
about 30 m, a pure pile foundation would have required more resources—
such as, concrete and energy—and would have been about 3.9 million
Euros more expensive than the CPRF.

5.6.3 DZ-Bank

The building complex of the DZ-Bank is situated in the financial district
of Frankfurt am Main, Germany. It is a 208 m high office tower with 53
storeys and a 12-storey apartment building surrounding the skyscraper in
an L-shape on two sides (Figure 5.17) [25]. Due to its high slenderness
ratio (H/B=4.7), the office tower with a total structural load of 1420 MN
is founded on a CPRF in the Frankfurt Clay to reduce the risk of differ-
ential settlements [26]. The foundation consists of a basement with three
underground levels, a raft with a thickness of 3.0-4.5 m and 40 bored piles
with a diameter of 1.3 m and with a constant length of 30 m. The raft is
founded at a depth of 14.5 m below the surface and is about 9.5 m below
the groundwater level. The piles are concentrated beneath the heavy col-
umns of the superstructure. The 2940 m? raft of the skyscraper is separated
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Figure 5.17 Ground view and cross-section of DG-Bank.

by a settlement joint from the adjacent raft of the neighboring building,
which has a plan area of 3000 m? [27]. Hence the office tower is founded
on its own centrically loaded CPRF.

The CPRF was monitored using geotechnical measuring devices and
geodetic measurement points. Figure 5.18 shows the measured load-set-
tlement curve for the foundation separated into the resistance of the piles
and the raft. The increasing load of the building during the construction
process (1990-1993) and the measured load distribution within the CPRF
are illustrated in Figure 5.19, together with the measured settlements. The
structural load is shared nearly equally by the raft and the piles, leading to
a CPRF coefficient of acprp=0.5 [28]. This load sharing remained fairly
constant during most of the construction period. At the completion of
the concrete shell of the skyscraper, 9 cm of settlement was measured at
the center of the raft. At the same time, the pile loads beneath the raft of
9.2-14.9 MN were measured, while beneath the raft, the effective contact
pressure was measured at 150 kN/m? and the pore water pressure was 50
kN/m?.
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Figure 5.18 Measured load-settlement curves of CPRF.

5.6.4 American Express

The American Express office building in Frankfurt am Main, Germany, is
74 m high and was constructed in 1991-1992. The raft is loaded eccentri-
cally by the 16-storey office tower (Figure 5.20). The building is founded on
one single raft without any settlement joints between the office tower and
the surrounding apartment buildings. To minimize tilting and differential
settlements of the raft, 35 bored piles with a diameter of 0.9 m and a length
of 20 m were located under the tower. Hence the foundation of the American
Express building is the first example of a CPRF in Germany where the resis-
tance of the foundation is centralized by concentrating piles under the eccen-
trically loaded area of the raft without any settlement joints in the raft [29].

5.6.5 Japan Center

The 115.3 m high Japan Center office tower is located in the center of the
financial district in the west of Frankfurt am Main, Germany. The building
comprises four basement floors and a tower with 29 floors and a ground
view of 36.6 mx36.6 m (Figure 5.21). It is founded on a CPRF in a depth
of 15.8 m below the surface. The total structural load is about 1050 MN.
The raft has a thickness of 3.0 m at the center, reducing to 1.0 m at the
edges. The raft is loaded with a remarkable eccentricity in the total build-
ing load of 7.5 m. Therefore, the positions of the 25 bored piles (diameter
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Figure 5.19 Observed time-dependent load-settlement behavior and load distribution
of the CPRF.

of 1.3 m, length of 22 m) under the raft were optimized during the design
to guarantee constant settlements over the entire foundation.

At the site of the Japan Center, the transition between the Frankfurt
Clay and the rocky Frankfurt Limestone is located approximately 43 m
below the surface, which is only about 5 m below the base level of the piles.
Hence, the load-bearing behavior of the CPRF is influenced by the stiff
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Figure 5.21 Ground view and cross-section of Japan Center.

limestone stratum. The CPRF was monitored using geotechnical measuring
devices and geodetic measurement points. Figure 5.22 shows the measured
settlements of the raft up to 6 months after the end of construction of the
concrete shell. The basement settlements were 1.9-3.6 cm [30]. The foun-
dation raft transfers about 60% of the structural load, the piles carry 40%.
The measured pile loads are between 7.9-13.8 MN.

5.6.6 Kastor and Pollux

The building complex Kastor and Pollux (Forum Frankfurt) is located
150 m southeast of the Messeturm in comparable ground conditions



138 Foundation Systems for High-Rise Structures

0 10 20 30 40 50 m

L
0 .‘\’\‘\*\lith floor completed

| 13th floor completed |

Settlement (cm)

| Building shell completed |

4 6 months after building shell completed |

Figure 5.22 Observed settlements of the CPRF.

(Figure 5.23). The building complex consists of two office towers. The
Kastor tower has a height of 94 m and the Pollux tower has a height of
130 m. These two towers are located at opposite ends of a 120.5 m wide
parking basement with three underground floors (Figure 5.24). Although
the raft loading is extremely eccentric, the raft is designed as a single struc-
ture (ground view of 14000 m?2) with bored piles with a diameter of 1.3 m
and lengths of 20 m and 30 m concentrated under the Kastor tower (26
piles) and under the Pollux tower (22 piles). The thickness of the founda-
tion raft is about 3.0 m beneath the towers and 1.0 m in the area of the
parking basement [30,31].

When the concrete shells of both towers were finished in 1996, the settle-
ments in the parking area were between 4 cm and 6 cm, and under the tow-
ers the settlements were between 6 cm and 7 cm (Figure 5.25). The CPRF
coefficient was acprp=0.35-0.4.

5.6.7 Treptowers

The Treptowers in Berlin, Germany, is a 121 m high office building of the
Allianz insurance company. It is located in the vicinity of the river Spree
(Figure 5.26). The subsoil consists of fillings up to a depth of 3 m below the
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Figure 5.23 Messeturm (left), Kastor (center) and Pollux (right).
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Figure 5.24 Ground view and cross-section A-A.

surface. Below the fillings, loose and medium dense sands follow down to a
depth of 40 m. The lower surface of the basement is 8 m below the surface
in the area of the elevator pit (Figure 5.27).

The high-rise building is founded on a CPRF with 54 bored piles with
a diameter of 0.88 m. Depending on their location, the length of the
reinforced-concrete piles varies from 12.5 m to 16 m. To improve the skin
friction, a shaft grouting at the piles was performed. The raft has a size of
371 mx37.1 m and a thickness of 2-3 m.
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The project was controlled by geotechnical and geodetic measurements
to observe the serviceability of the building. The geotechnical measure-
ment devices consist of load cells at the pile heads, strain gauges at dif-
ferent depths along the pile shaft and contact pressure cells under the raft
(Figure 5.28).

The load-settlement behavior of the CPRF is shown in Figure 5.29. At
the end of the construction process, the settlement of the building is 6.3 cm.
The increase of the pile loads at the pile heads follows the increase of the
building loads (Figure 5.30).

To analysis the load-settlement behavior numerical analysis have been
carried out for the CPRF. The results of the numerical analysis were
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compared with the results of the geotechnical and geodetic settlement mea-
surements shown in Figures 5.31 and 5.32. In Figure 5.31, all loads and
resistances are related to the beginning of the geodetic settlement measure-
ments. At this stage of the construction process, the total building load had
been 135 MN. The measured and calculated load-settlement behavior of
the CPRF is in good accordance for the whole loading process. The CPRF
coefficient is acprp=0.65.

The numerical simulation for a spread foundation showed settle-
ments of 11.1 ¢m (Figure 5.31). The CPRF reduced the settlements to
57% of the settlements of a spread foundation and led to a significant
reduction of the differential settlements between the raft and the neigh-
boring area [32].
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Figure 5.32 Load distributions along the pile.

In Figure 5.32, the load distribution along pile no. 17 is shown after
the excavation of the pit and for total building loads of 400 MN and
575 MN after the end of construction of the shell of the building. All
loads are related to the stage of pile installation. The negative pile loads
results from the excavation and the reduced stress level. This effect has
been observed at other projects as well [33]. For the 26.9 m to 34.9 m long
piles, the negative pile loads have been estimated to 1 MN. Comparison
of the calculation results and the measurements shows quite a good
accordance.
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5.6.8 Main Tower

The Main Tower is a high-rise building of 198 m with 5 basement levels and
57 levels above the ground in Frankfurt am Main, Germany (Figure 5.33).
The total load of the building is 1900 MN. The raft, with its thickness
of 3.0 m to 3.8 m, is founded 21 m below the surface and 14 m below
the groundwater level. The Main Tower was constructed by the top-down
method from 1996 to 1999. This means, that after the construction of the
retaining system and the temporary and permanent deep foundation ele-
ments, the excavation and construction of the basements went parallel to
the construction of the superstructure (Figure 5.34).

The building shaft is arranged asymmetrically on the raft. The design
of the foundation was determined by the requirement to reduce the settle-
ments of the tower itself and of the surrounding buildings in order to ensure
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L

Figure 5.33 Main Tower.
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their serviceability [34,35]. The Main Tower is founded on a CPRF with
112 bored piles with a diameter of 1.5 m and a length of 30.0 m. The pile
load is transferred into the Frankfurt Clay, as the pile toes are located about
3 m to 8 m above the Frankfurt Limestone. The retaining system consisted
of a secant pile wall of 257 bored piles with a diameter of 0.9 m, resp.
1.5 m. The project was controlled by geotechnical and geodetic measure-
ments to observe the soil-structure interaction of the CPRF and the retain-
ing system (Figure 5.35).

The horizontal deformation of the retaining walls was controlled by 14
inclinometers positioned behind the walls. The vertical deformation was
measured down to a depth of 140 m below ground surface with 17 exten-
someters. Aim of the measurements carried out in the foundation piles was
the monitoring of their bearing behavior as a pile foundation during the
top-down method and later on as part of the CPRF. For this purpose, 17
piles were equipped with load cells at the pile toe and 14 piles with load
cells at the pile head. To determine the load distribution along the pile
shaft, 335 strain gauges were installed in 21 piles.

5.6.9 Sony Center

The 103 m high Sony Center office tower is part of a building complex at
the Potsdamer Platz in Berlin, Germany. The tower, with a ground view of
2600 m2, was constructed from 1998 to 2000 and is founded on a CPRF
in difficult soil conditions. The soil investigations showed a layer of semi-
solid glacial drift, which is located at a depth of 11-12 m below the sur-
face, just beneath the raft [36,37]. The CPRF consists of a 1.5-2.5 m thick
raft and 44 bored piles with a diameter of 1.5 m and lengths of 20-25 m
(Figure 5.36).

5.6.10 Victoria-Turm

CPRF offers a technical and economical optimal solution not only for
complex constructions with a sensible neighboring construction or diffi-
cult ground conditions. The Victoria-Turm in Mannheim, Germany, with
a height of 97 m, was founded on a CPRF (Figure 5.37). The foundation
raft has a thickness of 3 m. The length of the piles is 20 m in the center and
15 m at the edges.

5.6.11 City Tower

In the densely populated inner city of Offenbach am Main, Germany, the
140 m high City Tower was founded on a CPRF in settlement-sensitive clay
[38,39]. At a distance of only 4 m, a railway tunnel is situated parallel to
the project area (Figure 5.38). For the calculation of the CPRF, numerical
simulations were done, taking into account the symmetry axis. The load
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history of the project area in particular was investigated by simulating the
deconstruction of the existing building, the excavation for the new con-
struction, and the construction of the basement and the superstructure.
Figure 5.39 shows the FE model of the optimized CPRF.

The CPREF consists of 36 piles with a length between 25 m at the edges
and 35 m in the center. The diameter of the piles is 1.5 m. The foundation
raft has a thickness of about 3 m.
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Figure 5.38 City Tower.

Due to the complexity of the construction project in the area of the rail-
way tunnel, a comprehensive geotechnical and geodetic monitoring pro-
gram was installed. Figure 5.40 shows the foundation in ground view as
well as the associated geotechnical instrumentation. Six foundation piles
were instrumented with load cells at the piled head and the pile toe as well
as eight strain gauges in four different depths along the pile. The generated
settlements from the new building were measured by extensometers under
the core of the high-rise building and an extensometer between the retain-
ing system and the railway tunnel. Moreover, an inclinometer was installed
to measure the horizontal deformations behind the retaining system in the
area of the tunnel. Figure 5.41 illustrates schematically the application of
load cells, soil pressure sensors and piezometers.
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Figure 5.40 Ground view of CPRF and the geotechnical instrumentation.

5.6.12 Darmstadtium

The result of the soil investigation for the science and congress cen-
ter Darmstadtium in Darmstadt, Germany, showed that the planned
construction is situated above the eastern fault of the Rhine Valley. The
Darmstadtium was opened in 2007. The finalized project is shown in
Figure 5.42. The Rhine Valley fault crosses the project area as shown
in Figure 5.43 [40]. In the northern and western area, unconsolidated
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Figure 5.4] Schematic representation of the geotechnical instrumentation.

Figure 5.42 Darmstadtium.
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Figure 5.43 Excavation pit.

sediments of the Rhine Valley fault were found. In the eastern and southern
area, rocks of the Odenwaldcrystalline were identified (granodiorite). Up
to now, tectonic activities along the fault zone have not finished. The areas
of Darmstadt that are located west of the Rhine Valley fault settle about
0.5 mm per year. The foundation system and the rising structure have to
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be designed for these tectonic displacements. The foundation in the area of
the rock was constructed as a spread foundation. In the area of the Rhine
Valley fault, the foundation was constructed as a CPRF (Figure 5.44).

5.6.13 Mirax Plaza

The Mirax Plaza in Kiev, Ukraine, consists of two high-rise buildings, each
of them with a height of 192 m (46 storeys), as shown in Figure 5.45. The
ground view of the project is about 294000 m?2.

Figure 5.45 Mirax-Plaza.



154 Foundation Systems for High-Rise Structures

The subsoil consists of filling to a depth of 2-3 m. Under that are qua-
ternary silty sand and sandy silt with a thickness of 5-10 m. The quater-
nary silty sand and sandy silt is underlain by tertiary silt and sand with a
thickness of 0-24 m. Then tertiary, clayey silt and clay marl of the Kiev
and Butschak formation with a thickness of about 20 m follow. After the
tertiary clayey silt, the tertiary fine sand of the Butschak formation follows
down to the investigation depth. The groundwater level is 2 m under the
surface. The soil conditions and a cross-section of the project are shown in
Figure 5.46.

For the verification of the shaft and the base resistance of the deep foun-
dation elements and for calibration of the numerical simulations, pile load
tests have been carried out on the construction yard. The piles have a diam-
eter of 0.82 m and a length of 10 m, resp. 44 m. Using the results of the load
tests, the back analysis for a verification of FEM simulations was done. The
soil properties that resulted from the back analysis were partly three times
higher than indicated in the geotechnical report. Figure 5.47 shows the
results of the load test no. 2 and the numerical back analysis. Measurement
and calculation show a good accordance.

The obtained results of the pile load tests and of the back analysis were
applied in three-dimensional FEM simulations of the foundation for Tower
A, taking advantage of the symmetry of the building. The overall load
of Tower A is about 2200 MN, and the area of the foundation is about
2000 m? (Figure 5.48).

The foundation design considers a CPRF with 64 barrettes with 33 m
length and a cross-section of 2.8 mx 0.8 m. The raft of 3 m thickness is
located in Kiev clay marl at about 10 m depth below the surface. The bar-
rettes are penetrating the layer of Kiev clay marl reaching the Butschak
sands.
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Figure 5.46 Soil conditions and cross-section of the project area.
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The calculated loads on the barrettes were in the range of 22.1-44.5 MN.
The load on the outer barrettes was about 41.2—-44.5 MN, which signifi-
cantly exceeds the loads on the inner barrettes with the maximum value
of 30.7 MN. This behavior is typical for a CPRF. The deep foundation
elements, which are located at the edge of the foundation raft, get more of
the total load because of their higher stiffness due to the higher volume of
the activated soil. The CPRF coefficient is acprp=0.88. Maximum settle-
ments of about 12 ¢cm were calculated due to the settlement-relevant load
of 85% of the total design load. The pressure under the foundation raft is
calculated in the most areas as not exceeding 200 kN/m?. At the raft edge,
the pressure reaches 400 kN/m?2. The calculated base pressure of the outer
barrettes has an average of 5100 kN/m? and for inner barrettes an average
of 4130 kN/m2. The mobilized skin friction increases with the depth reach-
ing 180 kN/m? for outer barrettes and 150 kN/m? for inner barrettes.

During the construction of Mirax Plaza, the observational method accord-
ing to EC 7 was applied. In particular, the distribution of the loads between
the barrettes and the raft was monitored. For this reason, three earth pressure
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devices were installed under the raft and two barrettes (most loaded outer
barrette and average loaded inner barrette) were instrumented over the length.

The CPRF of the high-rise building project Mirax Plaza represents the
first authorized CPRF in the Ukraine. Using the advanced optimization
approaches and taking advantage of the positive effect of CPRF, the num-
ber of barrettes could be reduced from 120 with 40 m length to 64 with
33 m length. The foundation optimization leads to considerable decrease of
the utilized resources (cement, aggregates, water, energy, etc.) and to cost
savings of about €2.4 million [41].

5.6.14 Federation Tower

The Federation Tower is a part of the project Moscow City, which contains
the construction of several high-rising buildings for business in Moscow,
Russia, on an area of more than one square kilometer [42].

The Federation Tower is a complex of two single towers (Figure 5.49).
Tower A is about 374 m high, or 450 m high when including the spire on

Figure 5.49 Federation Tower.
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the roof. Tower B is about 243 m high. Construction started in 2003. Due
to the geometry, the high-rise double-towers surpassed at that time all pre-
vious experiences with high-rise buildings in Russia and in Europe. The
two towers will share a 4.6 m thick foundation raft about 140 m long and
80 m wide, made of reinforced concrete at a depth of about 20 m below
the surface.

The total load is about 3000 MN for Tower A and 2000 MN for Tower
B. With additional loads of about 1000 MN for adjacent buildings and
the basement floors, and a load of about 1300 MN for the foundation raft
itself, the total load is about 7300 MN.

The project area of Moscow City is located to the west of the central
district of Moscow on the left bank of the River Moskva. Underneath
anthropogenically influenced artificial backfill, at first the quaternary accu-
mulation of the river terrace and underneath the alternating sequences of
the carbon are located. Underneath the foundation level of the Federation
Tower, a complex alternating sequence is found, consisting of variably
intensively fissured, cavernous and porous limestone and variably hard,
more or less watertight clay (marl). The layers have different thicknesses
with a range of 3—10 m. Moscow City and also the construction area of the
Federation Tower are located in a territory, where potentially dangerous
karst-suffusion processes occur.

In the project area, several groundwater horizons carrying confined
water, have been found. Because of the sealing effect of the clay (marl), they
are not or just moderately corresponding with each other. The groundwa-
ter mainly circulates in the fissured and karst-suffusion affected limestone.
The groundwater, circulating in the lower limestone-aquifer, has a water
pressure of about 12 m. The limestone horizons located above, may have
groundwater with higher hydraulic pressures.

Two pile load tests TP-15-1 and TP-15-2 using O-cells have been carried
out in 20035. The test piles were constructed with a diameter of 1.2 m and
a length of 6.90 m and 13.35 m. The empty drill hole was filled with sand.
The piles are completely positioned in the limestone (Figure 5.50).

Each pile was divided into two segments. Between the pile segments
O-cells were installed. In each test pile, displacement transducers were
installed to measure the displacements of the pile segments.

Pile load test TP-15-1 was carried out to a maximum load of about
33 MN. In between, an unloading-phase was made at 15 MN back to
zero-load, followed by a reloading-phase (Figure 5.51). The final displace-
ment was about 0.6 cm at the upper pile segment and 0.4 cm at the lower
pile segment. Neither was a failure of one of the pile segments seen, nor
the empirically defined limit of 0.1*D=12 c¢m reached. The evaluation of
the pile load test TP-15-1 yields a skin friction of 1140 kN/m? and a base
resistance of 5380 kIN/m?. These values are not ultimate ones.

Pile load test TP-15-2 was carried out to a maximum load of about
33 MN as well. In between, three unloading-phases back to zero-load were
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Figure 5.50 Section of test piles TP-15-1 and TP-15-2.
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Figure 5.51 Load-displacement diagram of test pile TP-15-1.

made (Figure 5.52). The final displacement was about 4.3 cm at the upper
pile segment and 2.2 cm at the lower pile segment. Again, neither was a
failure of one of the pile segments seen, nor the empirically defined limit of
0.1*D=12 cm reached. The evaluation of the pile load test TP-15-2 yields
a skin friction of 2310 kN/m? and a base resistance of about 5630 kN/m?.

5.6.15 Exhibition Hall 3

Exhibition Hall 3 in Frankfurt am Main, Germany, was finished in 2001
and is one of the biggest exhibition halls in Europe. The hall has a length of
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Figure 5.52 Load-displacement diagram of test pile TP-15-2.
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Figure 5.53 Cross-section and subsoil conditions.

about 210 m, a width of about 130 m, and a height of about 45 m. The roof,
with a free span of 165 m, was designed as a double-curved, three-dimen-
sional, load-bearing structure consisting of five arched compression trusses
and six arched tension trusses. A cross-section of the realized project is
shown in Figure 5.53. Twelve A-frames, six at each side, carry the horizon-
tal and the vertical loading of the roof (Figure 5.54). These A-frames, with
a height of 24 m, are constructed of two vertical steel tubes [43,44].

The subsoil and groundwater conditions are visualized in Figure 5.53.
Beneath the surface, a layer of fill and quaternary soil with a thickness
between 5 m and 9 m exists. This layer is followed by tertiary sediments.
During the soil investigation, a soil layer of tertiary sand and gravel was
detected. It crosses the project area in diagonal direction. Under this ter-
tiary sand and gravel follows the Frankfurt Clay.
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Figure 5.54 Schematic visualization of the A-frame and the horizontal-loaded CPRF.

Due to the strong interaction between the superstructure, the founda-
tion, and the subsoil, a strong limitation of the displacements of the foun-
dation is necessary. The design of the horizontal-loaded CPRF is based
on three-dimensional numerical analysis. Each of the two CPRFs (one on
each end of the hall) consists of a raft and 14 bored piles. The raft has a



Combined pile-raft foundation (CPRF) 16l

thickness of 1.4 m, a length of 127.5 m, and a width of 22.15 m. The bored
piles have a diameter of 1.5 m and a length of 15 m.

The horizontal displacements of the CPRF were observed with four
inclinometers reaching 50 m under the surface. To measure the vertical
displacements, four extensometers were installed. To complete the neces-
sary monitoring program, geodetic measurement points were defined and
pressure cells in the soil and strain gauges at the A-frames were placed. The
measured horizontal displacements are about 1 cm. The measured vertical
displacements are about 1-3.5 cm.

The example shows that the CPRF can be used for a settlement-reduced
transfer of horizontal loads into the subsoil.
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Chapter 6

Dynamic behavior of
foundation systems

6.1 INTRODUCTION TO DYNAMIC ASPECT
OF DEEP FOUNDATION SYSTEM

Deep foundations, like conventional pile foundations and the relatively new
combined pile-raft foundation (CPRF), which is a hybrid of shallow and
deep foundation, are widely used for both offshore and onshore structures
to transfer superstructure load to the deeper strata. They are generally pre-
ferred where topsoil is loose, soft, and susceptible to shrinkage and swell-
ing, when shallow foundations experience huge uplift pressure due to a
fluctuating water table and are not safe under serviceability conditions.
Though reasonably good progress was made for the design of pile founda-
tions and CPRF under lateral loads for static loading, their performance
under seismic loading is an area of concern to geotechnical practitioners
over the last few decades due to increasing demand for high-rise structures.
The problem is more complex if the soil is susceptible to liquefaction dur-
ing earthquake. More attention needs to be given to pile foundations as
floating piles passing through liquefiable soil layers undergo significant loss
of shaft resistance. In the case of end-bearing piles, excessive loads may be
transferred to the end-bearing strata due to loss of shaft resistance, and
thus the pile is subjected to higher bearing pressures. Also, loss of shear
strength in the liquefied zone will increase the effective length of the pile,
and thus the pile may fail by buckling if axial loads are predominant. In the
case of CPRF, the presence of liquefied soil may alter load-sharing aspects
on different components of the foundation system.

Several examples of failure of pile foundations during earthquakes are
available in the literature, for example, Figure 6.1: the failure of Showa
Bridge and the Niigata Family Court House during the 1964 Niigata earth-
quake, the Landing Bridge in New Zealand during the 1897 Edgecumbe
earthquake, the Harbour Master’s Tower at Kandla Port in India during
the 2001 Bhuj earthquake, and many more. The excellent performance
of the Twelve storey building (Figure 6.2) and Hardon experimental hall in
the 2011 Tohoku earthquake (M, =9.0) in Japan, which were founded on

165
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Figure 6.1 Failure of Showa Bridge during Niigata 1964 earthquake: Lateral spreading
cause bridge spans to fall. (From Kramer, S.L., Geotechnical earthquake
engineering. In: Prentice-Hall international series in civil engineering and engi-
neering mechanics. Prentice-Hall, New Jersey, 1996.)

Figure 6.2 Twelve storey building survived after Tohuku Earthquake (M, =9.0) founded
on CPRF. (From Yamashita et al., Soils and Foundations, 52, 1000—1015, 2012.)
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CPREF, provided an insight for geotechnical practitioners to decide on the
applicability of such foundation systems for high-rise buildings.

In order to evaluate the response of deep foundations, it is very important
to understand the loss of bearing and lateral restrain in loose, saturated,
non-cohesive soil and soft clay. The reduction in soil stiffness is due to loss
of shear strength and the area of the liquefying zone needs to be evaluated
properly. The response of deep foundations to earthquakes may lead to
liquefaction, which involves complex material behavior such as increased
pore water pressure, reduced effective strength, and stiffness degradation,
as well as complex mass behavior of the ground such as kinematic loading
and changes in the performance of the superstructure due to inertial load-
ing. Advances in the field of computer engineering are helping geotechni-
cal practitioners to simulate actual dynamic conditions and to record their
reactions in a realistic way.

Two types of earthquake are envisioned in the seismic design of build-
ings: a medium earthquake, with an intensity of about V and recurrence
interval of 50 years; and the largest possible earthquake, with an inten-
sity of about VI to VII and recurrence interval of 500 years. Table 6.1 is
the performance matrix used for the building design. The minimum legal
requirement for a medium earthquake is that the building must be opera-
tional after the earthquake, and the minimum requirement for a building
designed for the largest possible earthquake is that building should not col-
lapse and or endanger the lives of its occupants.

Two design methods are used for the design of deep foundations for a
building as per the height of the building. One is the requirement of the
foundation structure alone and the other is the requirement for the behavior
of the foundation structure to suppress the response of the building within
the design requirements. Seismically induced loads are replaced by equiva-
lent static horizontal load, and the load from the foundation is obtained
from the weight of the foundation multiplied by the seismic coefficient.
The horizontal load from the building is calculated, taking into consider-
ation the natural frequency of the building. While calculating the induced
stresses of the structural members of the foundation, the foundation struc-
ture alone is considered, regardless of the superstructure. Table 6.2 shows
the basic requirements in the design of the building.

Table 6.1 Performance matrix of earthquake

Minimum requirement of
the performance level

Earthquake level
(reoccurrence interval) Operational Life safe

Medium (50 years) Required Required
Largest (500 years) Not required Required
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Table 6.2 Basic requirements for the design of the building

Building height Design recommendation

Height>60 m Dynamic analysis done for medium and largest possible
earthquake

Height <60 m Allowable stress design (equivalent static external load

applied to building)

31 m<height<60 m Load carrying capacity and deformation response should be
within allowable value

Height<30 m Plastic deformation of the building permitted (building should
not collapse)

This chapter focuses on the selection of dynamic soil parameters, which
determine the dynamic response of soil in the design of deep foundations.
It describes free-field ground response analysis, which shows the local site
effect on amplification or de-amplification of the subsoil under different
seismic loadings. It provides brief details about liquefaction and cyclic
softening caused by strong shaking, and it provides guidelines to evaluate
safety against liquefaction in case of loose, saturated, non-cohesive soil;
it also provides liquefaction hazard mapping. It incorporates brief discus-
sion about the design of pile foundations under pseudo-static and dynamic
conditions. It also provides the various analyses adopted for the design of
CPRF under seismic conditions and discusses various case studies for these
foundations. It focuses on the seismic analysis of the well foundation for
bridges. Finally, it discusses the building code provisions and some case
studies.

6.2 DYNAMIC SOIL PARAMETERS

Damage due to an earthquake event is influenced by the response of soil
to cyclic loading, which is dependent upon the engineering properties of
the soil during the event. The evaluation of dynamic soil property is very
important to study the site response of in situ soil and dynamic analysis
of geotechnical structures. The behavior of soil under static and dynamic
conditions is the most important factor in seismic foundation design.
Geotechnical behavior criteria include plastic deformation characteristics,
strength, damping, and stiffness of soil. Data on plastic deformation char-
acteristics are needed to understand the earthquake-induced permanent
displacement, strength characteristics are required for foundation stability
analysis, and damping and stiffness are the response characteristics of the
soil deposits. Duration and frequency content for seismic event influences
all the characteristics of soil deposits and must be considered in the design.
An accurate estimation of dynamic soil parameters provides confidence in
estimating the local soil amplification during an earthquake event.
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6.2.1 Determination of dynamic soil parameters

The determination of dynamic soil properties is critical, and many field and
laboratory techniques are available to address the problem. Soil parameter
that influences wave propagation includes stiffness, damping, Poisson’s ratio,
and density. Of these properties, wave propagation primarily depends on soil
stiffness and damping. The estimation of stiffness and damping characteristics
of cyclically loaded soil should be done at low (<0.001%) and high (>0.001%)
shear strains. Some of the method to evaluate the dynamic soil parameters is
given in Table 6.3. An in situ test of strain levels, which aims at making field
measurements compatible with laboratory technique, is described in [5].

6.2.1.1 Group A

For low-level strain, where soil behavior is in the elastic range, the proce-
dures to evaluate elastic stiffness are

1. Geophysical exploration from the ground surface: reflection and
refraction method and surface wave technique

2. Geophysical borehole logging: PS-suspension, DH-downhole and
CH-crosshole methods

3. Seismic cone penetration test: downhole and crosshole procedures

The value of shear modulus obtained through these tests provides bench-
mark stiffness or initial or maximum shear modulus (G

max)'

6.2.1.2 Group B

For moderate strain and pre-failure behavior a pressure meter test and plate
load test are applied.

Table 6.3 Field and laboratory test performed to predict dynamic soil property

Field test Laboratory test
Low strain test High strain test Low strain test High strain test
Seismic reflection  Standard Resonant column Cyclic triaxial test
penetration test test
Seismic refraction ~ Cone penetration  Ultrasonic pulse test  Cyclic direct simple
test shear tests
Suspension Dilatometer test Piezoelectric bender  Cyclic torsional
logging element test shear test
Spectral analysis Pressuremeter Shaking table test
of surface wave test
Seismic cross hole Centrifuge test

test
Seismic cone test
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In this case, stiffness is associated with certain strain level. The shear
modulus must be calculated based on plasticity theory.

6.2.1.3 Group C

For high-level strain, characterizing failure condition or even residual
condition.

Pressure meter and plate load tests up to failure conditions and the
Standard Penetration Test as well as the Cone Penetration Test can give this
information. The stiffness value obtained through these tests is not related
to the specific strain level. These test results should be empirically corre-
lated with the reference stiffness given by Group A and Group B procedures
(Figure 6.3).

6.2.1.4 Following consideration should be made to
determine in situ dynamic properties of soil

e Representativeness of the sample of soil mass if it is stratified,
nonhomogeneous

e Level and effect of soil disturbance while taking out the soil sample

e [n situ condition and strain range of interest from the soil sample for
particular problem

Group A Group C Field test
1 Seismic survey Standard penetration test
Elastic shear / cone penetration test
modulus G g dilatometer test
1 ()fﬁ ] f
B ] { Group B
5 Pressurement test
9 / plate load test
U
] Resonant column
E T test seismic test “;1.
g
€ 1
A Triaxial compression test
torsional simple shear test
Laboratory element test
Shear strain level
0.0L . . . x

10 10 10* 10 1072 107!
Small Large
Very small (prefailure/moderate) (failure/residual)

Figure 6.3 Comparative study of nonlinear shear deformation. (From Burland, J.B.,
Proceedings of Ist IS-Hokkaido *94, 2, 703-705, 1995.)



Dynamic behavior of foundation systems 171

® Driving system compliance and possible bedding effect in laboratory
equipment that can provide the true deformation characteristics of
soil specimen

6.2.1.5 Comparison of laboratory and field test results

Laboratory and field test techniques are not ideal. Soil conditions can be better
controlled in the laboratory, as field conditions do not permit adequate con-
trol of some of the factors influencing the stiffness characteristics of the soil.
Correct interpretation and comparison of field test results also require labora-
tory tests so that the sensitivity of various parameters can be judged under
repeatable conditions. It is known that laboratory test results are affected to
some degree by the sampling, handling, and preparation methods used. In
such cases, laboratory shear modulus to field modulus values can be less than
or more than 1. It is also seen that medium-to-hard, over-consolidated soils
are most sensitive to disturbance (Figure 6.4). Table 6.3 classifies different
types of laboratory and field dynamic tests to quantify shear modulus.

6.2.1.6 Stress—strain behavior of cyclically loaded soil

The behavior of soil is quite complex, even in a static scenario, and so it
becomes challenging when dynamic behavior is taken into consideration.

25T
Mexico City Clay
T A (average values)
2.0+ o O Yasuda et al. (1994)
15T ©
5 O
9 1 A
Ol s
10T
g
O 1 111111l 1 L1111l 1 L1l
0 10 100 1000
Gy (MPa)

Figure 6.4 Soil stiffness influence on lab and field test result (G,/G,). (From Yasuda
etal., [st IS-Hokkaido *94, |, 197-202, 1994.)
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The correct prediction of stress—strain behavior is very important for accu-
rate modeling of soil. The dynamic property of soil depends on the level of
strain induced; hence in the evaluation of shear modulus of soil, it is impor-
tant to define the statin at which the modulus is obtained. The stress—strain
behavior is broadly classified into equivalent linear model, cyclic nonlinear
model, and advanced constitutive model. Out of these, the simplest one is
the equivalent linear model, but it has limited ability to represent the actual
behavior of soft and stiff clays that show nonlinear behavior. The behav-
ior of soil is nonlinear, inelastic under cyclic loading conditions. The
stiffness of soil is greatest and damping is least at low strain level. At
high-strain level, the effect of soil nonlinearity increases, which produces
greater damping and lower stiffness. Other advanced constitutive models
can be used to simulate the nonlinear behavior of soil but there are many
complexities.

6.2.1.3.1 Equivalent linear model

When cyclic loading is applied on to the soil, loading and unloading pat-
terns can be described by a hysteresis loop. This model treats soil as a linear
viscoelastic model. The shape and inclination of the loop are two important
properties. Inclination depends upon the loading pattern, which is defined
by a tangent modulus that varies throughout the cycle, but an average of
G,,, is approximated by secant shear modulus, which describes the inclina-
tion of the hysteresis loop, as shown in Figure 6.5. The secant shear modu-

lus (G,..) is the ratio of shear stress to shear strain:
Guoe =~ (6.1)
Y

sec

1
Gtary/

Figure 6.5 Hysteresis loop showing G,  and G

tan®
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where:
G,.. = secant shear modulus
Tt = shear stress
y = shear strain

The breadth of the loop is indicated by the area, which is the measure
of energy dissipation while loading and reloading and is denoted by the
damping ratio, shows how the shear modulus decreases at large strain
(Figure 6.5). The damping ratio is given by

Wd _1( ALoop ] (6.2)

T 4nW, 21| Gy

where:

= dissipated energy

= maximum strain energy
= area of hysteresis loop
= secant shear modulus

= damping ratio

EE

Loop

o

6.2.1.3.2 Cyclic nonlinear model

The accurate representation of the nonlinear model is carried out by cyclic
nonlinearity that follows actual stress-strain paths during cyclic loading
based on backbone curve, loading and unloading behavior, and stiffness
degradation curve. In contrast to the equivalent linear model, the cyclic
nonlinear model allows permanent strain to develop. To add complexity to
the model, soil densification, irregular loading, and pore pressure genera-
tion should be added. The applicability of the model is dependent on the
phenomenon of critical state soil mechanics, which point toward the stress
path.

The shape of backbone curve can be described by hyperbola, dependent
on initial stiffness (low strain) and shear strength of soil. The simplest
hyperbolic equation to represent the variation of shear stress to shear strain
is given by

~ GV (6.3)
[Gmax ]
14| Tmax |y
Tmax

6.2.1.3.3 Advanced constitutive model

T=

The most accurate method to represent soil behavior is through the
advanced constitutive model, which uses concepts of mechanics to
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explain soil behavior for initial stress condition, stress path, cyclic or
monotonic loading, low- or high-strain rates, and drained and undrained
conditions.

Soil models generally require the following parameters to describe accu-
rate soil behavior:

1. Yield surface: to capture elastic behavior of soil.

2. Hardening law: explains the shape and size of yield surface as plastic
deformation occurs.

3. Flow rule: describes increment of plastic strain with respect to incre-
ment to stress.

Some of the advanced constitutive soil models are cam clay [7], modified
cam clay [8], and hyperbolic [9].

Advanced constitutive models allow flexibility in modeling to capture the
response of soil to cyclic loading, but it requires more parameters than the
equivalent linear or cyclic nonlinear model.

6.2.1.3.4 Selection of dynamic soil parameters

Shear wave velocity and shear modulus of soil at low strain are very impor-
tant parameters in the analysis of earthquake problems. Also, shear modu-
lus is the function of amplitude of shear strain under cyclic loading. Strain
dependent modulus reduction and damping curves are generated from
cyclic tri-axial tests.

6.2.1.3.4.1 SHEAR MODULUS

Soil stiffness is influenced by cyclic strain amplitude, void ratio, mean
principal effective stress, plasticity characteristics, overconsolidation
ratio, and number of loading cycles. The secant modulus of soil varies
with cyclic shear strain amplitude. The secant shear modulus is high
at low strain but decreases as strain amplitude increases. The locus of
points corresponding to the tips of the hysteresis loops having various
cyclic strain amplitudes are used to construct backbone curve, as shown
in Figure 6.6.

6.2.1.3.4.2 MAXIMUM SHEAR MODULUS

Most geophysical tests are carried out at low shear strain (0.0003%),
which measures the shear velocity of soil and can be used to compute the

G

max*

Ginax = pVZ (6.4)
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Figure 6.6 Backbone curve of shear stress vs. shear strain.

where:
P = density of soil
V, = shear wave velocity of soil

G,,.x can also be evaluated from the laboratory test, which is given by
Gonax = 625 £(e)(OCR) P (6, )" (6.5)
where:
fe)=y, 3+1o 7er 11
F(e)= 5 112]

,  O1+05+05
Om="3

OCR =overconsolidation ratio

=principle effective stress

The overconsolidation ratio exponent (K) is shown in Table 6.4.

6.2.1.3.4.3 MODULUS REDUCTION CURVE (g/g,...) AND DAMPING RATIO (§)

The variation of modular ratio with shear strain is described graphically
with the modulus reduction curve, as shown in Figure 6.7. Modulus reduc-
tion curves for coarse- and fine-grained soils are given by [13]. Refs. [14]
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Table 6.4 Overconsolidation ratio

exponent K

Plasticity index K
0 0.00
20 0.18
40 0.30
60 0.41
80 0.48
>100 0.50

Source: Hardin, B. O. and Drnevich,V. P,
Journal of Soil Mechanics and
Foundation Division, ASCE, 98,
SM6, 603—-624, 1972.

1271
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Figure 6.7 Shear modulus reduction curve with cyclic shear strain.

and [15] first noted the influence of soil plasticity on the shape of curve;
shear modulus of high-plasticity soil was observed to degrade slowly with
shear strain. The results of [16,17] show that the modulus reduction curve
is influenced by the plasticity index and void ratio.

For many geotechnical investigations, dynamic iz situ properties are not
evaluated due to high cost; instead, the shear wave velocity of soil is evalu-
ated based on well-established correlations with SPT N-value and soil indi-
ces, which are widely used (Table 6.5).

Damping behavior is influenced by plasticity characteristics of
soil [15-17]. The damping ratio of high-plasticity soil is lower than that of
low-plasticity soil at the same cyclic strain amplitude. Damping behavior is
also influenced by effective confining pressure for the soil of low plasticity,
and it increases with increasing strain amplitude.
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Table 6.5 Empirical relationship between G, and in situ test procedure

In situ
test Relationship Soil type Comments
SPT Grax = 20,000{N}$5(0%)> Sand G, . and '.) in Ib/ff2
Grax = 325 N%s® Sand G in kips/fe2
CPT  G,,=1634{q )%’ )0 Quartz G, .0 9. and ¢, in kPa;
sand based on field tests in Italy
and on calibration tests
G, =406 {qJ0¢%e-!-130 Clay G0 9c and ¢’ in kPa;
based on field tests at
worldwide sites
DMT G,,/E;=2.27+0,59 Sand Based on calibration
chamber tests
G, .,/Es=2.2+0,7 Sand Based on field tests
Grox = 530/[(<5’V/pa)°-25].[YD/Yw -1y sand,silt, G, P.» 0’ in same units;
[2.7 = Yo Yu]-K$®(p,c,)* clay Yp is dilatometer-based
Y unit weight of soil; based
on field tests
PMT  3.6<G,,/G,.<48 Sand G, is corrected unloading-
reloading modulus from
cyclic PMT
Gox= 1.68/0t,G,,, Sand G, is secant modulus of

unloading-reloading potion
of PMG; o, is factor that
depends on unloading-
reloading stress conditions;
based on theory and field
test data

6.3 FREE-FIELD GROUND RESPONSE ANALYSIS

The damage patterns of many recent earthquakes around the world, includ-
ing the 1999 Chamoli and 2001 Bhuj earthquakes in India, have demon-
strated that the effect of local soil condition on the level of ground shaking
cannot be ruled out. For example, the epicenter of the 1985 Mexico City
earthquake was located off the Pacific coast, but the damage occurred
360 km away. Similarly, the city of Delhi, which is 250 km away from
the epicenter of the Chamoli earthquake, experienced moderate damage
to structures overlying soft soils. The severe damage observed during the
2001 Bhuj earthquake also destroyed Ahmadabad city, which was located
250 km away from the epicenter, due to amplification of ground motion
through soft alluvium. Figure 6.8 shows collapsed buildings in Ahmadabad
after the earthquake.

Free-field ground motions are the motions that are not affected by the
presence of structure. Analyses of these involve identification of poten-
tially active sources in the region, estimation of seismicity associated with
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Figure 6.8 View of collapsed buildings in Ahmadabad after the 2001 Bhuj earthquake in
India.

individual sources, estimation of travel path influencing characteristics
as they propagate from source to site, computation of dynamic response
of soil deposit and soil-structure interaction, and assessment of stability
under designed seismic excitation. They also involve modeling of fault rup-
ture at the source of an earthquake, of seismic wave propagation through
the earth to top of bedrock, and then of the passing of bedrock motion
through the soil lying above it. The small travel distance of seismic waves
from bedrock to topsoil has tremendous potential to influence the soil’s
characteristics and its response depend on the frequency content and dura-
tion of earthquake motion, geometry and material property of soil deposits
lying above the bedrock. Prediction of the site-specific dynamic response of
layered soil deposit in the region where earthquake hazard exists is a chal-
lenging task for geotechnical practitioners. Hence, in real practice, fault
rupture mechanism is so complicated that the ground response analysis
problem is reduced to determining the response of the soil deposit to the
motion of the bedrock immediately beneath it. The response of level or gen-
tly sloping soil sites with horizontal layers and nearly vertically propagating
shear waves can be obtained by one-dimensional ground response analysis
and its results in terms of acceleration, displacement, stress—strain time his-
tories, and design response spectra are widely used to evaluate liquefaction
potential and to determine earthquake-induced forces that cause instability
to structures. However, for sloping or irregular ground surfaces, the pres-
ence of heavy structures or stiff, embedded structures, or walls and tunnels
requires two- or three-dimensional analyses [4].

The dynamic response of a structure depends on the type of support-
ing soil. During an earthquake event, deformations in the soil can be
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imposed onto the foundation. This further influences the ground motion of
the superstructure, which makes the structural and ground deformations
interdependent and can be referred to as soil-structure interaction. The
supporting soil has potential to modify the response of the structure. The
response depends on the thickness of soil above bedrock and characteristics
of the ground motion passing through it. The fundamental period of soil
deposit and the fundamental period of vibration of structure are of great
significance, and their close match may create a condition of resonance.
This must be taken into account when assessing the dynamic response of
many structures and foundation systems.

6.3.1 Parameters influencing ground
response analysis

Ground response analysis primarily depends on the following factors [4]:

e Mechanism of fault rupture at the source of earthquake.
e Stress wave propagation through crust to the top of bedrock.
e Local soil condition above bedrock.

Prediction of ground response is complicated by the uncertainties
involved, such as the nature of energy transmission between source and
site, accurate prediction of crustal velocities, and damping characteristics
and mechanism of fault rupture. The solutions to the above problems may
be overcome by performing a seismic hazard analysis (deterministic or
probabilistic) for predicting the bedrock motion at the site location. These
analyses are primarily dependent on attenuation relationship to predict the
bedrock motion parameters. Ground response analysis may then be per-
formed once the underlying bedrock motion is evaluated.

To evaluate the effect of local response, it is important to carry out geo-
technical investigations and laboratory testing and to obtain a shear wave
velocity profile along the soil depth. A modulus reduction curve and damp-
ing ratio curve that represent the variation of shear modulus (G/G,,,,) and
damping ratio with strain may be obtained through a cyclic tri-axial test.
Parameters necessary for ground response analysis are shown in Table 6.6.

6.3.1.1 Main factors that influence local site effect

e Seismological: intensity, frequency, content, and duration of bedrock
motions

e Geological: local geologic structure, rock type, soil deposit thickness,
stratigraphic characteristics, soil types

e Geotechnical: elastic vibration characteristics, impedance variation
between bedrock and overlying soil, nonlinear behavior of soils,
including fatigue-type effects of shaking duration
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Table 6.6 Consideration of parameters for ground response analysis

Geotechnical characteristic ~ Time-history of Input bedrock

of soil profile motion Dynamic soil properties
* It involves number * Time history of input * Defined by the means of
of soil layers and its motion can be taken damping ratio and shear
thickness from recorded modulus reduction
accelerogram matching curves
* Soil type to regional seismo-  Curves of variation of
tectonic characteristics equivalent damping ratio
* Initial damping ratio * Synthetic and artificial and secant shear
+ Unit weight of soil bedrock motion obtained modulus (G,,) with
from scaling of recorded cyclic shear strain
* Shear modulus or strong ground motion * Selected on the basis of
shear wave velocity can be used type of soil, unit weight

and plasticity
characteristics of soil

e Geometrical: non-horizontal soil deposit, topography of bedrock
underlying soil deposits, basin configuration

6.3.2 Wave propagation and site amplification

The ground motion such as the seismic waves propagates through over-
lying soil and reaches the ground surface. Local soil condition plays an
important role in modifying the ground motion. This is known as soil
amplification. The influence of ground deposit on bedrock movement
depends on seismological impact, geological conditions, and the geo-
technical characteristics of the site. The physical aspect of the problem
is to predict the characteristics of the seismic motion along soil stratum.
Seismic excitation at one location cannot be felt instantly at another loca-
tion; it takes some time for the effects of excitation to be felt at different
locations, and the effects are dependent upon the stiffness and attenua-
tion characteristics of the medium. Generally, the geological materials
are treated as continua and the dynamic response of these materials to
dynamic or transient loading such as earthquakes, blasts, traffic-induced
vibrations, and so on, is evaluated in considering one- or two-dimen-
sional wave propagations mainly based on their geometrical and loading
characteristics [27].

6.3.3 Assumptions of analysis

The techniques of ground response analysis are grouped as one-dimen-
sional (like DEEPSOIL, SHAKE 2000, or EERA), two-dimensional (like
VERSAT2D or FEM codes) and three-dimensional (like FLAC3D or



Dynamic behavior of foundation systems 18I

PLAXIS3D) according to the problem required to be solved. Simplified
models based on one-dimensional wave propagation analysis are widely
used for its simplicity and fair approximation of the complexities involved
in the analysis. The following assumptions are considered in one-dimen-
sional analysis.

1. The soil layer is considered as horizontal and semi-infinite.

2. The ground surface is level.

3. The incident earthquake waves are uniform, horizontally polarized
shear waves and propagate in vertical directions.

6.3.4 Different approaches for free-
field ground response analysis

6.3.4.1 Linear approach

The linear approach of ground response analysis involves derivation of
closed form analytical solutions for idealized geometries and soil proper-
ties. It requires constant value of shear modulus (G) and damping ratio
(€) for induced level of shear strain in each layer. However, soil behavior
is inelastic, and its material properties change in space. Thus, a numeri-
cal technique is the appropriate option for ground response studies [28].
Nonlinear, hysteretic, stress-strain properties of soil are shown by using an
equivalent linear method of analysis.

6.3.4.2 Equivalent linear approach

The equivalent-linear method of analysis is an iterative approach and is
widely used to approximate nonlinear response of soil under seismic excita-
tions through nonlinear hysteretic stress-strain behavior by using equiva-
lent linear shear modulus G,,. and the equivalent linear damping ratio E.
The variation of G and damping ratio “C” with cyclic shear strain is repre-
sented by modulus reduction curves and damping curves. The secant shear
modulus G and damping ratio & produce the same energy loss as the actual
hysteretic loop in a single cycle. Here, soil profile with bottom layer as half-
space and extended to infinity in all directions, considers the response of
soil deposits mainly due to vertical propagation of waves.

For the equivalent linear method, an iterative procedure is used to obtain
the values of shear modulus and damping, compatible with the representa-
tive effective shear strain in each layer. The iterative procedure works as
follows [4]:

1. Initially shear modulus GV and damping ratio & are estimated for
each layer corresponding to small strain level. These values are taken
from the modulus ratio and damping curves.
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2. The ground response, including the shear strain time history, is cal-
culated by using G and &M for each layer. The values of maximum
shear strain y;),,, are obtained from the shear strain time history for
each layer.

3. The effective shear strain yV; in each layer is estimated from max-
imum shear strain (taken approximately as 65% of the maximum
strain). For layer “m,” y" ¢ .y = R, Y. (m)» Where R, is the ratio of

the effective shear strain to maximum shear strain and depends on

the earthquake magnitude (Equation 6.6):

max

(M-1)

6.6
10 (6.6)

R, =

4. The new equivalent linear values of the next iteration, G?® and &? are
selected corresponding to the calculated y! .

5. Steps 2 to 4 are repeated until the computed values of G and & are
obtained in two successive iterations that are nearly the same.

The equivalent linear method is thus an iterative method and approxi-
mates the nonlinear behavior of soil, by carrying out a piecewise linear
analysis in each iteration.

6.3.4.3 Nonlinear approach

Although the simplicity of the equivalent linear approach makes it
computationally convenient and provides reasonable answers to practical
problems, it remains an approximation to the actual nonlinear response
of soil. The tangent shear modulus at each strain level is considered in the
nonlinear analysis, and constitutive models, which are usually cyclic stress-
strain models, are used to represent the stress-strain behavior of the soil.
The analysis is carried out by using direct numerical integration at small
intervals in the time domain. By integrating the equation of motion in small
time step, any nonlinear model or advanced constitutive model may be used.
The available nonlinear computer program characterizes the stress-strain
behavior of soil by cyclic stress-strain models such as hyperbolic models,
modified hyperbolic models, the Hardin-Drnevich-Cundall-Pyke (HDCP)
model, and so on.

6.3.5 Steps to be followed for the free-field analysis
The ground response should be carried out in the following steps:
e Selection of dynamic soil properties based on in situ laboratory test

results and well-established empirical correlation. This includes the
selection of a modulus reduction curve and a damping ratio curve
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and other parameters. More elaborate dynamic testing procedures are
required for special problems.

® Determining the characteristics of the motion likely to develop in the
rock formation underlying the site. The peak ground acceleration,
predominant period, and effective duration are key parameters of any
seismic motion and the empirical relationship between these three
parameters and the causative fault to site distance should be established
for magnitudes of earthquakes expected at the site [29,30,28,32,34].

¢ A design motion with the desired characteristics can be selected from
strong motion accelerograms that have been recorded during previous
earthquakes or from input earthquake motion through the Uniform
Hazard Response Spectra (UHRS) selected from the provided
Probabilistic Seismic Hazard Analysis (PSHA) for the desired return
periods or GRA scaling and guidelines provided by the NEHRP,
NBC, or ASCE.

e Synthetic earthquake time histories for DBE and MCE are generated
using available computer programs based on selected seed accelero-
grams and target response spectra at the bedrock level. Other responses
of GRA, like acceleration response, soil amplification response, varia-
tion of PGA along soil depth, and so on, can be obtained for various
damping values and can be used for design.

Many researchers have adopted this procedure to obtain the
response of subsoil during different earthquakes. An equivalent and
nonlinear approach to obtain seismic ground response was used
in [31] for Goa, India.

6.4 LIQUEFACTION OF SOIL

6.4.1 Introduction

Liquefaction is a phenomenon in which loose, non-cohesive sand and silt
below water table level develop high pore water pressure, which reduces the
shear strength of the soil mass causing the soil to behave as fluid during a
strong earthquake. Its devastating effects were observed in the 1964 Good
Friday earthquake in Alaska and in the 1964 Niigata earthquake in Japan.
Extensive damage occurred to multistoreyed buildings, bridge foundations,
and buried structures. Figure 6.9 shows liquefaction failures that occurred
to buildings in the Niigata earthquake. Figure 6.10 shows liquefaction
failures during the 1989 Loma Prieta earthquake in the USA. Recently
reclaimed lands along the coastline are highly susceptible to liquefaction,
and several port facilities were significantly damaged by liquefaction-
induced ground displacements during 1995 Kobe earthquake in Japan. In
the 2001 Bhuj earthquake in India, liquefaction failures were characterized
by widespread sand boils, craters and lateral spreading, extensional cracks,
monoclinal folds, and tear faults [33].
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Figure 6.9 Tilting of apartment buildings at Kawagishi-Cho, Niigata during the 1964
Niigata Earthquake due to soil liquefaction. (From Kramer, S.L., Geotechnical
Earthquake Engineering. Prentice-Hall, Upper Saddle River, NJ, 1996.)

Figure 6.10 Liquefaction in recent deposits of the Parajo River during 1989 Loma Prieta
earthquake in California.

Increased pore water pressure reduces the shear strength and stiffness of
the soil deposit. The increase in pore water pressure causes an upward flow
of water to the ground surface, where it emerges in the form of mud spouts
or sand boils [22]. The dissipation of excess pore water pressure starts after
the liquefaction. The time duration up to which soil will remain in the state
of liquefaction depends on two major factors: (1) the duration of the seismic
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shaking and (2) the drainage pattern in the liquefied soil. It can be stated
that the longer and the stronger the cyclic shear stress application exists,
the longer the state of liquefaction persists. Similarly, if the confinement
of a liquefied layer is by clay from both the upper and the lower side, then
time of dissipation of excess pore water pressure generated will be longer.
The liquefaction phenomenon can alter the natural state of soil, which may
change from loose to dense.

Soil liquefaction depends on the magnitude of earthquake, intensity and
duration of ground motion, the distance from the source of the earthquake,
site-specific conditions, ground acceleration, type and thickness of the soil
deposit, relative density, grain size distribution, fines content, plasticity of
fines, degree of saturation, confining pressure, permeability characteristics
of soil layer, position and fluctuations of the groundwater table, reduction
of effective stress, and shear modulus degradation [4,35-37].

6.4.2 Evaluation of liquefaction potential of soil

Liquefaction potential evaluation has been attempted by a host of methods/
techniques by various researchers. These include use of “simplified proce-
dures” based on standard penetration tests (SPT), cone penetration tests
(CPT) and shear wave velocity (Vs) criteria developed from field liquefac-
tion performance cases histories. These methods are also known as deter-
ministic methods, in which liquefaction of a soil is predicted to occur if the
factor of safety (FS) [defined as the ratio of cyclic resistance ratio (CRR)
over cyclic stress ratio (CSR)] is less than or equal to 1. No soil liquefaction
is predicted if the FS is more than 1. However, in reality, it is well under-
stood that this boundary is not distinct, and hence engineering judgment
needs to be applied to evaluate the liquefaction susceptibility of soils with
an FS near 1. Furthermore, there are several possible procedures that may
be employed for each in situ test method (i.e., SPT, CPT, Vs) and the FS
obtained from each of the procedures are not equivalent for the same input
data. Therefore, caution must be exercised when establishing an FS, and it
is advisable to check the results from more than one procedure.

The majority of liquefaction-related studies concentrate on relatively
clean sands. It was previously believed that only “clean sandy soils” with
few fines would liquefy, and cohesive soils were considered to be resistant
to cyclic loading. However, the 1975 Haicheng and 1976 Tangshan earth-
quakes showed that even cohesive soils could liquefy. Also, recent ground
failure case histories after the 1994 Northridge, 1999 Kocaeli, and 1999
Chi-Chi earthquakes further illustrated that silty and clayey soils may be
susceptible to soil liquefaction. This has accelerated research studies on the
liquefaction susceptibility of fine-grained soils.

The first notable effort to identify potentially liquefiable fine-grained
soils was the Chinese Criteria [38]. This criterion was used with some mod-
ifications until the case histories compiled after some recent earthquakes
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Assessment of likelihood of triggering or
initation of soil liquefaction

Assessment of post liquefaction strength and
overall post liquefaction

Assessment of expected liquefaction-induced
deformations and displacements

Assessment of consequneces of these
deformations and displacements

Implementation and evaluation of engineered
mitigation, if necessary

Figure 6.11 Key Elements of Soil Liquefaction Engineering. (From Schnabel et al., SHAKE:
A computer program for earthquake response analysis of horizontally lay-
ered sites. EERC Report 72-12. Earthquake Engineering Research Center,
Berkeley, California, 1972.)

like the 1994 Northridge, 1999 Kocaeli, and 1999 Chi-Chi earthquakes
verified that neither the original form, nor the modifications can success-
fully identify soils liquefied during and after these earthquakes. This fact
has increased research focusing on the development of new criteria based
on field observations and the results of laboratory cyclic tests on “undis-
turbed” samples from liquefied sites. New criteria were proposed [39-
42,56] for the assessment of the liquefaction potential of fine-grained soils
recently based on the Plasticity Index (PI). PI can confidently distinguish
between fine-grained soil behavior that is “clay-like”, for which cyclic soft-
ening is expected, or “sand-like”, which is liquefiable.

Figure 6.11 summarizes major components of soil liquefaction engineer-
ing [40]. As illustrated, the starting point of liquefaction engineering is to
decide whether soil is susceptible to liquefaction or not, since assessment
of the likelihood of liquefaction would be meaningless for non-liquefiable
soils.

6.4.3 Liquefaction susceptibility criteria

Liquefaction susceptibility criteria decide whether the in situ soil is suscep-
tible to liquefaction or not. The prediction of which is based on i situ tests,
laboratory results, and empirical correlations.
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6.4.4 Simplified approaches for estimating
liquefaction potential of cohesionless soils
based on standard penetration test (SPT)

Different methods for assessments of liquefaction potential were developed by
various researchers [43—-46]. In the recent past, simplified procedures for the
evaluation of liquefaction potential were proposed by [47,37,48—51,53]. These
methods, also known as deterministic methods, were based on standard pen-
etration tests (SPT), cone penetration tests (CPT) and shear wave velocity (Vs)
criteria and were developed from field liquefaction performance cases at sites
that had been characterized with the corresponding in situ tests [43].

The most commonly used technique is SPT. The results, which are com-
monly referred to in terms of N-value, follow certain protocols:

1. Estimation of the cyclic stress ratio (CSR) generated along the soil
depth by seismic shaking.

2. Estimation of the cyclic resistance ratio (CRR) of the soil that is
required to cause initial liquefaction in the soil.

3. Evaluation of factor of safety (FS) against liquefaction potential of in
situ soils by dividing the cyclic stress that in situ soil can withstand
without liquefying (CRR) by the stress induced by the seismic shaking
(CSR), according to Equation 6.7:

_ CRR

FS=——
CSR

(6.7)

6.4.4.1 Evaluation of cyclic stress ratio (CSR)

The simplified procedure was developed by [43] as an easy approach to
estimate earthquake-induced stresses without the need for a site response
analysis and has been the primary method to determine the CSR since early
1970s. The simplified CSR is calculated according to

CSR = 2 =o.65(am“}[‘”]-rd (6.8)
o'y g o'y
where:
a,.. is the peak horizontal ground surface acceleration modified for

site-specific soil conditions

g is the acceleration due to gravity

is the total overburden stress

is the initial effective overburden stress

ry isa stress reduction coefficient that takes the flexibility of the soil
column into account.
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All simplified liquefaction evaluation procedures use this common equa-
tion to determine the CSR. However, the various procedures often use dif-
ferent relationships to determine the coefficient r,y. As such, differences in
the CSR calculations between various simplified methods are primarily a
direct result of the uncertainty in determining r,.

6.4.4.2 Evaluation of cyclic resistance ratio (CRR)

The CRR is the dynamic stress the soil can withstand before liquefying.
SPT-based liquefaction triggering procedures use blow count (N) as the
basis of computing CRR. The SPT-based CRR relationships are well-
established procedures for evaluating CRR. CRR equations for each pro-
cedure are presented as CRR; 5, (the cyclic resistance ratio of the soil
adjusted to 1 atmosphere of effective overburden pressure for a M, =7.5
earthquake). This is necessary because the various relationships use differ-
ent factors to account for earthquake magnitude and overburden stresses.
It is common for CRR relationships to be normalized for this base case
and then site-specific adjustments are made via magnitude scaling factors
(MSF) and overburden correction factors (K,) to account for the earth-
quake magnitude under consideration and the overburden stresses at the
depth of interest. The site-adjusted CRR is obtained from CRR;; .,
according to

CRR k6 = CRR\=7.5,1 aem - MSF - Ko (6.9)

where all variables are defined as above.

Though all the simplified procedures use a common equation to deter-
mine the CSR based on the seismic (ground motion) parameters derived
from the ground response analysis for specific site, CRR varies significantly
between these procedures because each procedure use a different equation
for determination of CRR for the base case and different factors to account
for earthquake magnitude and overburden stresses.

6.4.4.3 Evaluation of liquefaction potential or
cyclic failure of silts and clays

Clay, on the other hand, behaves quite differently. Clays are compress-
ible where sands generally have a small compressibility. The void ratio or
density of clay is dependent upon effective consolidation stress and stress
history rather than depositional environment. Using high-quality field sam-
pling, laboratory testing of clays can provide reliable test results to evaluate
cyclic loading behavior. In situ tests can also provide qualitative informa-
tion on the undrained shear strength of clay.

The first method to evaluate cyclic failure potential of soils that behave
like clays was provided by [57]. New criteria was presented by the authors
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for distinguishing between fine-grained soils that will exhibit sand-like
versus clay-like behavior during the undrained cyclic loading imposed by
the earthquakes. A PI>7 for clay-like behavior for fine-grained soils with
a slight lower transition point for CL-ML soils (PI>35 or 6) is proposed
in [44], as shown in Figure 6.12.

Spatial data: Nonspatial data:
- Available scanned - Bore log not GWT
topo sheet - Depth
- Coordinates obtained - SPT N-value
from Google Earth - Soil density
l - FS value
GIS:
- Georeferencing
- Digitising the borehole <
locations and boundaries
of the area (points and
polygons)

v
Raster analysis:

- Spatial interpolation
- Geostatical analysis

'

Vector analysis:

- Point layer creation
- Extraction of the
contours

- Clip
Map generation:

Zonation or contour maps
based on FS and P,
against liquefaction

.

Figure 6.12 Flow chart for generation of GIS map for liquefaction hazard mapping.
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Figure 6.13 Atterbergs limits chart showing representative values for each soil that
exhibited clay-like, sand-like an intermediate behaviour. (From Boulanger, R.
W., and Idriss, R. W.,, Journal of Geotechnical and Geoenvironmental Engineering.,
132(11), 1413—-1424, 2006.)

Failure of sand and clay during cyclic loading was differentiated in this
paper [44] by using the term “liquefaction” for sand-like behavior and
“cyclic failure” for Clay-like soils. These procedures were able to account
for observed failure by evaluating the fine-grained soils as clays.

The seismic behavior of fine-grained soils was evaluated by [42] and
guidelines and engineering procedures were presented for evaluating the
potential for liquefaction or cyclic failure of low-plasticity silts and clays
during cyclic loading (Figure 6.13).

6.5 LIQUEFACTION HAZARD MAPPING

Mapping has become a standard approach for identifying zones of lig-
uefaction potential within the geotechnical earthquake engineering
community. The geo-information database that supplies necessary infor-
mation of soil properties for liquefaction potential calculation and haz-
ard mapping can be used for analysis and prediction of geo-disasters
such as earthquake-induced liquefaction. The vulnerability to liquefac-
tion hazard can be assessed through these liquefaction hazard maps and
the risk can be calculated. The ability of any geographical information
system (GIS) to store, manipulate, display, and interchange or integrate
the extensive geotechnical data has made its use not just convenient but
necessary. There are various GIS-based applications to analyze and map
seismic hazards, which are useful for disaster planning and manage-
ment, and vulnerability and risk assessment. Additionally, the inclusion
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of two-dimensional and three-dimensional GIS is changing the way the
seismic hazards are analyzed.

6.5.1 Recent advances in liquefaction
hazard mapping

A GIS-based liquefaction susceptibility map for Mumbai, India was devel-
oped in [54]. A seismic liquefaction hazard analysis was performed in [55],
which also suggested the design guideline for the design of piles in liquefi-
able soil deposits. Ground damage hazard assessment such as liquefaction,
landslide disaster, and mapping with the aid of geographical information
systems (GIS) through the research carried out in the Wellington Region
of New Zealand is illustrated in [57]. A borehole-based geological data-
base for the assessment of liquefaction hazards in the Kathmandu Valley
is developed in [58], and [59] produced liquefaction hazard maps based on
both regional and local data locates zones of liquefiable materials within a
geologic deposit. The relative susceptibility of Quaternary geologic deposits
to earthquake-induced liquefaction near St. Louis, Missouri, are assessed
in [60] and the result of the geologic and geotechnical characterization
and quantitative analysis were presented on the GIS-based, 1:24000-scale,
liquefaction susceptibility maps. The key geotechnical and geological fea-
tures were identified by the authors, which indicated the locations most
susceptible to lateral flow due to liquefaction. A database for the city of
Adapazari based on surface observations as well as field and laboratory
test results using GIS methods was established, and based on this, it is
now possible to query the groundwater level, soil type, organic content,
SPN, undrained shear strength, allowable bearing capacity and liquefac-
tion potential for the top 15 m depth [61]. A liquefaction hazard-screening
tool for the California Department of Transportation (Caltrans) that is
being applied in evaluating liquefaction hazard to approximately 13000
bridge sites in California is developed in [62]. A GIS-based liquefaction
prediction system was developed by [63] to determine the ground liquefac-
tion risk of the Kunming Basin, Yunnan, China, due to a rare earthquake.
A methodology is presented in [64] that helps the decision-making process
and improves the ability of mapping liquefaction prone areas, by using the
ArcGIS’s Geostatistical Analyst extension. In [65], hazard maps of the lig-
uefaction susceptibility of areas in the city of Damietta were developed,
and displayed using the GIS to show a spatial variability observed in LPI
values and the presence of a thin layer of liquefiable soil even in profiles of
low LPI value. Imported into [66] are the outputs from Artificial Neural
Network (ANN)- and SPT-based liquefaction methods, used for soil
liquefaction assessment, into ArcGIS to map the liquefaction resistance,
seismic settlements, liquefaction potential, and liquefaction prediction
for the Western Izmit Basin, Turkey. Screening-level liquefaction hazard
maps for the Australia region were created in [67], corresponding to design
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level earthquake having annual probability of exceedance equal to 10%,
5%, and 2% in 50 years (equivalent to return periods of 500, 1000 and
2500 years, respectively) based on AS1170.4. Liquefaction potential maps
using GIS software for the Eskisehir urban area, situated within the second
degree earthquake region on the seismic hazard zonation map of Turkey
were produced in [69], considering factors of safety calculated at differ-
ent depth intervals, geological setting and ground water level for different
acceleration levels. Also, [69] used GIS to obtain soil liquefaction hazard
map of Satte city as a result of an earthquake depending on the ground
conditions and soil behavior.

6.5.2 Generalized procedure for
liquefaction hazard mapping

These steps should be followed to develop liquefaction hazards maps using
GIS:

1. Input geological data, soil data, map data, ground conditions

2. Evaluate factors of safety and liquefaction potential at field test
locations

3. Manipulate, analyze, interpret, and interpolate the data in GIS

4. Contour the data to produce a spatial representation of liquefaction

These steps are a general description of the approach to produce a lig-
uefaction hazard map. GIS can be adapted to any size operation, and data
can be incorporated at any scale from a single field. The efficiency of GIS
in data-processing distinguishes it from other methods and broadens the
scope of analysis but at the same time increases isolation with its increased
utility.

The flow chart of the step-by-step procedure for generation of GIS maps
is shown in Figure 6.12.

6.6 SEISMIC ANALYSIS OF SINGLE PILE

Pile foundations have wide applications in civil engineering and are most
popular form of deep foundations used for both offshore and onshore
structures for transferring vertical as well as lateral loads from the super-
structure to the deeper strata, when the topsoil is either loose or soft or of
a swelling type. Piles are long, slender columns that are either driven or
bored (cast iz situ). Driven piles are made up of variety of materials such
as concrete, steel, timber, and so on, whereas bored piles are made up of
concrete only. Local soil conditions and topography play significant roles
in the amplification of ground motion and influence the choice of founda-
tion system for any superstructure. Liquefaction of soil subjected to seismic
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loading is a governing factor affecting the performance of pile foundation
in seismically vulnerable areas. Ground motions, free-field site response,
and soil-pile interaction have a significant impact on the behavior of piles
in areas prone to liquefaction.

The behavior of pile foundations under the impact of seismic forces can
be characterized as complex soil-structure interaction, which has a sig-
nificant impact on the behavior of piles that pass through soil that can
experience liquefaction or cyclic mobility. More attention needs to be given
to pile foundations, as floating piles passing through liquefiable soil layers
undergo significant loss of shaft resistance. In case of end-bearing piles,
excessive loads may be transferred to the end-bearing strata due to loss of
shaft resistance, and thus the pile is subjected to higher bearing pressures.
Also loss of shear strength in the liquefied zone will increase the effective
length of the pile and thus the pile may fail by buckling if axial loads are
predominant.

6.6.1 Types of pile foundation

Piles can be classified according to the mode of transfer of load and its use.

6.6.1.1 Classification based on the mode of transfer of load

1. End-bearing piles transfer loads through their bottom tip. Such piles
act as columns and transmit the load through a weak material to a
firm stratum below. If bedrock is located within a reasonable depth,
piles can be extended to the rock. The ultimate capacity of the pile
depends upon the bearing capacity of the rock.

2. Friction piles transfer the load through skin friction between the
embedded surface of the pile and the surrounding soil. Friction piles
are used when a hard stratum does not exist at a reasonable depth.

3. Combined end-bearing and friction piles are transfer loads by a com-
bination of end bearing at the bottom of the piles and friction along
the surface of the pile shafts. The total load carried by the pile is equal
to the sum of the load carried by pile tip and the load carried by the
skin friction.

6.6.1.2 Classification based on type of piles

1. Load-bearing piles are used to transfer the load of the structure to a
suitable stratum by end bearing, by friction, or by both.

2. Compaction piles are driven in to the loose granular soils to increase
the relative density. The bearing capacity of the soil is increased due
to densification caused by vibrations.

3. Tension piles are in tension. These piles are used to anchor down
structures subjected to hydrostatic uplift forces, or overturning forces.
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4. Sheet piles form a continuous wall or bulkhead, which is used for
retaining earth or water.

5. Fender piles are sheet piles that are used to protect waterfront struc-
tures from impact by shipping vessels.

6. Anchor piles are used to provide anchorage for anchored sheet piles.
These piles provide resistance against horizontal pull for a sheet pile
wall.

6.6.2 Failure mechanism of single pile

Failures of piled foundations have been observed in the majority of recent
strong earthquakes. The failures of end-bearing piles in liquefiable areas
during earthquakes are attributed to the effects of liquefaction-induced lat-
eral spreading in most of the reported case histories by [70-73].

Three possible mechanisms of failure of single piles can be assumed
under liquefiable soil conditions.

e Single piles carrying large axial loads and passing through loose,
cohesionless soil and resting on hard rock
e The seismic loading may generate cyclic shear stress, which
increases the excess pore water pressure in a sandy layer. This
leads to loss in the strength of soil mass, and it may be subjected
to huge force, which may lead to bulking instability in the pile.
The pile may then fail by forming a plastic hinge, as shown in
Figure 6.14. The location of a plastic hinge will be the boundary
between sand and rock because that region point will be subjected
to maximum moment under buckling. This case is similar to the
case of loading on the cantilever.

Liquefied
sand

Q

Rock v

Figure 6.14 Mode of collapse of single pile subjected to buckling instability.
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e Single pile carries large axial load and passes through a liquefiable
loose, cohesionless layer resting on a non-liquefiable, dense sand layer
e The loose, sandy layer will see the rise in pore water pressure
under earthquake loading, which leads to degradation in the stiff-
ness of soil mass and finally loss in the shear strength of soil mass.
Excess pore pressure will be generated in the loose sand layer.
Dense sand layers close to the interface between the loose and
dense sand layer have reduced capacity, and excessive settlement
may be noticed in such cases, as shown in Figure 6.15.
e Pile in sloping ground and passes through non-liquefiable sand layer
and liquefiable sand layer both and finally resting on rock
e A pile is passing through inclined and liquefiable sandy layer and
overlain by non-liquefiable sandy layer, as shown in Figure 6.16.
The induced liquefaction due to an earthquake event may lead to
lateral spreading of the soil mass. The non-liquefiable layer will
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Figure 6.15 Mode of collapse of single pile subjected to bearing failure.
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Figure 6.16 Failure of piles under combined lateral and axial load on laterally spreading
soil with non-liquefiable layer.
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act as a solid floating on fluid and impart very high lateral load
on the pile, which may lead to buckling instability in the pile. The
plastic hinge will form at the boundary of the rock socketing and
the liquefiable sand layer.

6.6.3 Pseudo-static analysis of pile

Pile foundations need to be designed for carrying lateral loads in addition to
vertical loads in foundations for high-rise buildings subjected to wind and
seismic loads, quay and harbor structures subjected to lateral forces due to
impact of ships during berthing and wave action, and offshore structures
subjected to wave action. In the design of pile foundations, the ultimate and
serviceability limit state need to be evaluated properly.

A simplified procedure to consider these effects is the pseudo-static
approach in which an equivalent static analysis is carried out to obtain
maximum bending moment and shear force developed in pile due to earth-
quake loading. This method is developed for both liquefying and non-lig-
uefying soils [74=77]. When the soil is liquefying in nature, the stiffness
degradation is to be incorporated in the analysis.

In pseudo-static analysis, an equivalent static analysis is carried out to
obtain the maximum bending moment and shear force developed in piles
due to lateral loading, which involves the following stages:

e Free-field ground response analysis is to be carried out considering
the generation of pore water pressure during earthquake loading.
Maximum ground acceleration, ground displacement along the soil
depth, and minimum vertical effective stress is obtained from this
analysis.

e The superstructure load is modeled as concentrated mass acting at the
pile top to simplify the analysis.

e The horizontal force is applied at the pile head, which is equal to the
product of pile cap mass and maximum ground acceleration obtained
from free-field analysis.

¢ A nonlinear analysis is performed to obtain the maximum bending
moment, maximum displacement, and shear force along pile length.

The governing differential Equation for a laterally loaded pile subjected
to axial compressive loading under pseudo-static conditions is given by [78]

dty d%
where:
y = lateral deflection of pile
z = depth along the pile from top
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The general solution of above governing differential Equation is given

by [78]

y= (le:[5Z +C,eP )cos(ocz) + (CzeBZ + C4eﬁz)sin(az) (6.11)
where:
k P
o=, | |+
4EI 4EI
p= || K _P
4EI 4EI

The above coefficients are valid for P < 2J/kEI.

The integration constants C,, C,, C; and C, can be obtained by apply-
ing suitable boundary conditions at the pile head and pile tip, respectively.
Finally, shear force, bending moment, and deflection along pile length can
be obtained by using an iterative approach in a standard computer program
in MATLAB, FORTRAN, and so on.

A pseudo-static analysis of free-headed single piles with floating tips
using an analytical approach based on finite element procedure was car-
ried out in [79]. The entire pile was discretized into various elements, each
having height “h.” So, the Equation 6.12 modifies to:

y = (Cleﬁh + CzeﬁE Jcosoclzl + (Qeﬁh + C4eBE )sinocf1 (6.12)
where:
o= h L + L
4El 4EI
B=h || X _ P
4FEI 4EI

In the above equation, ¢, ¢,, ¢; and ¢, are the unknown integrating con-
stants, the values of which are determined after defining the appropriate
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boundary conditions at the various nodal points. The allowable vertical
load acting at the pile top was computed after calculating the ultimate
capacity of the pile in different types of soil and applying a factor of safety
of 2.5 [80]. Five different ground motions were considered in the analysis:
the 1989 Loma Gilroy, 1994 Northridge, 1995 Kobe, 2001 Bhuj, and 2011
Sikkim earthquake motions. Seismic equivalent linear ground response
analysis was conducted using the SHAKE2000 computer program, and the
maximum horizontal accelerations at various depths were obtained. The
net lateral loads acting at various depths along the pile were computed after
multiplying the allowable pile capacity with the maximum horizontal accel-
eration, and a “lateral load coefficient (a),” which is defined as the fraction
of vertical load assumed to act at different depths along the pile length, was
determined. The lateral load coefficient was considered to remain constant
along the pile depth for a particular analysis, and parametric variation was
conducted by varying it between 10% and 30% [80]. Nonlinear, pile-soil
interaction analysis was conducted using MATLAB, and the influence of
seismic motions, presence of vertical load at the pile top, lateral load coef-
ficient, and variation in pile properties were studied.

It was also observed from ground response analysis that for the 1995
Kobe motion, while it traveled through the soil layers, the amplification of
acceleration at the ground surface was comparatively less when compared
to the 2001 Bhuj motion, although the former had higher acceleration at
bedrock level. This may be attributed to the effect of soil nonlinearity and
plasticity, which prevents a major increase in peak acceleration of an earth-
quake having higher acceleration at bedrock level. Moreover, the 2001 Bhuj
motion had a higher frequency content and bracketed duration. This clearly
indicates that the amplification of ground motions is significantly influ-
enced by the soil type, duration, and frequency content of the input seismic
motions, with the maximum horizontal acceleration having a lesser effect.

Figure 6.17 shows the variation of normalized bending moment with
depth coefficient for a 20 m pile having a diameter of 500 mm and 1/d ratio
40, embedded in dry, dense sand with a=0.3 and Q,=Q,, and Q,=0.0Q,,
respectively. As observed from Figure 6.17, when the input motion changes
from the 2001 Bhuj to 1995 Kobe earthquakes, the normalized moment
rises by 40% while for the 2011 Sikkim, 1989 Loma Gilroy, and 1994
Northridge motions, the percentage increase is 2%, 15% and 33.3%,
respectively, for Q,=Q,. However, for Q,=0.0Q,, the percentage increase
in normalized bending moment, is comparatively less, namely 1.6%,
12.1%, 21.4% and 28.6%, respectively for the 2011 Sikkim, 1989 Loma
Gilroy, 1994 Northridge, and 1995 Kobe earthquake motions with respect
to the 2001 Bhuj motion. It shows the influence of earthquake motions on
pile behavior.

In Figure 6.18, the variation of normalized displacement with depth
coefficient for the same pile embedded in dry, loose sand is illustrated. It
is observed that when the input motion changes from 2001 Bhuj to 2011
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Figure 6.17 Variation of normalized moment (M*) with depth coefficient (z*) for a
pile with I/d ratio 40 embedded in dry dense sand and (a) Q,= Q, and (b)
Q,=.0Q,. (From Chatterjee et al., Computers and Geotechnics, 67, 172—186,
2015.)

Sikkim, 1989 Loma Gilroy, 1994 Northridge, and 1995 Kobe, the normal-
ized pile head displacement increases from 0.010 to 0.0154, 0.03, 0.08 and
0.126, respectively, for Q,=Q,, and a=0.3. However, for Q,=0.0Q,, the
increase in normalized displacement is comparatively less. This shows the
significance of considering the vertical seismic acceleration on pile behavior.

6.6.4 Dynamic forces on pile foundation

The predominant load on the pile foundation is vertical compressive load.
Dynamic forces on piles may be due to liquefaction of layers of soil through
which the pile foundation passes and may be due to dynamic loading onto
the top of the pile foundation, due to railway loading (which may be due to
high-speed trains), or to blast loading or strong seismic motions.



200 Foundation Systems for High-Rise Structures

Normalized moment (y*)
0.00 0.05 0.10 0.15

- = = Qv =Qh; 1989 Lorna Gilroy
— -+ Qv = Qh; 1994 Northridge
Qv = Qh; 1995 Kobe

--------- Qv = Qh; 2001 Bhyj

Depth coefficient (z")

(@124  ===e- Qv = Qh; 2011 Sikkim
Normalized moment (y*)

0.00 0.05 0.10 0.15

0 s ‘ ‘ ;
S
g 1/d = 40; K = 694;
b a=03;Qy = 0.0Q,
&
S - = =Qv =0.0Qh; 1989 Lorna Gilroy
g 81 — -+ Qv = 0.0Qh; 1994 Northridge
8 10 Qv = 0.0Qh; 1995 Kobe

--------- Qv = 0.0Qh; 2001 Bhyj

()12~ === Qv =0.0Qh; 2011 Sikkim

Figure 6.18 Variation of normalized displacement (y*) with depth coefficient (z*) for
a pile with I/d ratio 40 embedded in dry loose sand and (a) Q,=Q, and
(b) Q,=0.0Q,.(From Chatterjee etal., Computers and Geotechnics, 67,
172186, 2015.)

6.6.4.1 Liquefaction-induced forces on pile foundation

During seismic loading, liquefied soil tends to act as dense fluid and to
move laterally. This is called lateral spreading, and it leads to a decrease
in the strength of soil around the pile. This phenomenon leads to loss in
shaft resistance in floating piles. Hence, the pile becomes unstable under
axial load. Seismic loads of pile foundations are induced in the following
circumstances.

e Inertial loading, which acts at the pile head and gets transferred
from the superstructure to the pile. This force is usually cyclic in
nature and is largely dependent on the frequency of input motion and
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superstructure. It varies as the earthquake persists and is normally at
maximum value in the initial part of the shaking. This is before liq-
uefaction, but once the soil liquefies, the force at the pile head reduces
because of stiffness degradation of the soil.

Kinematic loading acts along the length of the pile embedment to
the depth of soil liquefaction and it is mainly due to the movement
of the liquefied soil. The ground motion generates kinematic inter-
action between the piles. If the pile is embedded in a soft soil layer,
then under the earthquake excitation, the soft layer will experience
free-field displacement based on the natural frequency of the layer.
This free-field displacement will be imposed on the pile foundation.
If piles are relatively flexible, they will experience lateral deforma-
tion, but in the case of stiff piles, deformation will be much less,
and hence the pile will be subjected to significant lateral load due
to the mobilization of passive pressure in the opposite direction. In
cases of sloping ground and where any non-liquefied crust exists
above the liquefied soil layer, the extra force applied to the pile due
to this crust will be considerably higher, which may be due to the
down-slope movement under earthquake loading. The magnitude
of the force depends upon the slope of the ground and the type of
crust. Experimental investigations and a few case histories provide
more insight into the concept behind the application of kinematic
load during and after shaking, and sometimes as a combination of
both. This force will be monotonic in nature if only kinematic force
is acting (that is. the shaking has stopped), but it will normally
be cyclic in nature if both kinematic and inertia forces both act
together.

Under cyclic loading, pore water pressure gets generated in the soil
mass and its stiffness degrades, which in turn further degrades the
shaft resistance of piles. The resistance to the pile for a particular
amount of deformation is expressed as p—y soil springs. The stiff-
ness of these springs degrades as soil liquefies. The results of a series
of centrifuge modeling were applied in [81] to derive a correlation
between stiffness degradation coefficient and the pore pressure ratio,
r,. In the case of full liquefaction, that is, 100% pore pressure, r,
reaches 1.0. These coefficients can be multiplied to the static p—y rela-
tions to obtain the dynamic p—u response.

Combined effect of inertial and kinematic loading: [82] performed
large-scale shaking table tests on pile groups in dry and saturated
sands and obtained the phase dependency relation between the natural
period of ground (T,) and the structure period (T}): (a) For T, > T,—
Kinematic forces tend to be out of phase with inertial loads and peak
pile stresses occur at an interim point (b) For T}, < T,—Kinematic and
inertial forces tend to be in phase and peak pile stresses occur when
both effects are maximum.
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In order to estimate the peak bending moment due to combined
inertial and kinematic loads, [83,84] and [85] suggested the following
method:

a. For Ty >T,: The peak pile bending moment in the pile can be esti-
mated by the SRSS (square root of sum of squares) of the indi-
vidual moments due to the inertial and kinematic loads

b. For T, <T,: The peak bending moment in the pile can be computed
by the algebraic addition of inertia and kinematic components.

6.6.4.2 Design approaches for pile foundation

The current design methods are based on pile design against bending fail-
ure due to lateral loads such as inertia and lateral spreading. Two main
methods are used.

e Force-based method or limit equilibrium method: Lateral pressure
acting on the pile is estimated and the response of the pile is evaluated
in this method. Pile yielding and allowable deflection are also checked
in this method.

¢ Displacement-based method, or p—y method, or seismic deformation
method: Free-field ground displacement for an earthquake is evalu-
ated up to pile depth. The obtained displacement profile is applied on
the pile and its response is evaluated.

6.6.4.2.1 Force method, or limit equilibrium method

This method is recommended by specifications in [85] for the design of pile
foundations in liquefying soils under lateral spread. In this method, the lat-
eral forces are evaluated to obtain the pile response. The lateral forces are
based on passive earth pressure in the non-liquefying region and 30% of
the overburden pressure in the liquefying region. It is reported in [86] that
the basis of these pressure distributions was on the back calculation of case
histories of pile performance in the 1995 Kobe earthquake. A simplified
limit equilibrium method for computing maximum bending moment in a
pile was presented in [87] and is given by

M =(0.5AH, + AcH()pL (6.13)

where:
A, = area of pile exposed to lateral liquefied soil pressure
H, = length of pile exposed to lateral liquefied soil pressure
A_ = area of pile cap exposed to lateral liquefied soil pressure
H_ = height of force F. above the bottom of liquefied sand layer
F. = lateral equivalent force on the pile cap
p; = limiting liquefied soil pressure
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6.6.4.2.2 p—y Method or seismic deformation method

This method is dependent on the concept of a Winkler beam on elastic
foundation—-type models, which require free-field displacement and are
obtained from ground response analysis. The values of reduction in spring
stiffness [89], which is based on factor of safety against liquefaction (F;),
are shown in Table 6.7.

The North American practice is to multiply p—y curves by a degrada-
tion factor p; this is called p-multiplier. This value usually ranges from 0.1
to 0.3. It decreases with pore pressure increase [89] and will become 0.1
when the excess pore water pressure is 100%. In [90], force-based analysis
is compared with displacement-based analysis in the case of single piles
subjected to lateral spreading problems. According to this study, the force-
based method reasonably predicted the bending moments but underesti-
mated the pile displacements. Also, the displacement method predicts both
the pile bending moment and displacement reasonably accurately.

6.6.4.3 Analysis of pile in liquefying soil
considering failure criteria

6.6.4.3.1 Bending criteria

The most commonly used model for predicting soil-pile response is by using
the p—y curve technique recommended by [91], considering Tb > Tg, where
kinematic interaction is predominant. The p-y curve required for solving
the basic differential equation of laterally loaded pile is given by

4
EIjTZHESy:F (6.14)
where:

y = lateral deflection of pile

z = depth along the pile from top

Table 6.7 Reduction factors to stiffness
degradation due to liquefaction

D
(Reduction
F, range Depth range (m) Factor)
F.<0.6 0<x<I10 0.00
10<x<20 0.33
0.6<F <08 0<x<10 0.33
10<x<20 0.67
08<F.<I 0<x<I10 0.67
10<x<20 1.00

Source: JRA, Japanese Road Association, Specification
for Highway Bridges, PartV, 1980.
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EI = flexural rigidity of pile
Eg = soil modulus
F = applied force per unit length of pile

In earthquake engineering, this equation is modified by [92,77].

In case of liquefying soil, the subgrade soil modulus is degraded, and the
degradation of k,,,, with increasing displacement is expressed by [93,94] and
is described by

d4

EIdTZ =—pD
d4
EIﬁ:—kh(y—yg)D (6.15)

y, = ground displacement
D = diameter of pile
k, = subgrade soil modulus

Variation of horizontal subgrade modulus, k,, (for non-liquefied soils)
with depth in the soil deposits is correlated with the SPT N values. The
modulus of subgrade reaction for non-liquefied soils k,, proposed by [92]
and [85] is given by

ky, = kpoSt (6.16)

where S;=scaling factor of liquefied soil, and

khn = 80E0B070'75 (6.17)
where
E, = 0.7N

k;, = modulus of subgrade reaction [MN/m?>]
E, = modulus of deformation [MN/m?]

= SPT value

B, = diameter of the pile [cm]

Z
|

When the soil liquefies, the stiffness of the soil degrades. The case studies
indicate that the modulus of subgrade reaction for the laterally spreading
soils can be reduced by use of a scaling factor, also termed as stiffness deg-
radation parameter, S;, which varies from 0.001 to 0.01 [95], as compared
to normal soil conditions where there is no liquefaction.
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The Winkler type model holds good for soil subjected to large displace-
ment where lateral force from soil is proportional to the relative motion
between pile and soil, respectively:

p=ki(y-g(zx)) (6.18)
where:
g(z,x) =permanent ground displacement profile with depth z near the
pile
X =the lateral distance from pile

In the case of lateral spreading near a waterfront structure, the perma-
nent horizontal ground displacement generally decreases from waterfront
toward inland. The distance of lateral spreading from the waterfront, Ls,
is given by [93]

L (250 100) 8 (6.19)
L2 2
where:

L, = effected distance of laterally spread ground from waterfront
L, = depth of liquefied soil layer [m]

g, is the permanent horizontal ground displacement at the waterfront and
is described by

80 = Min(Zmax> Bw ) (6.20)

where:
g, = displacement of the quay wall

8max 18 the maximum possible permanent ground surface displacement of
the liquefied soil and is found out using the relation [96], which is given by

Eax = 0.75 (Ly)" (s1)"” (6.21)

where:
€. =maximum possible permanent ground surface displacement of
the liquefied soil [m]
L, =depth of liquefied soil layer [m]
S =slope of the base of the liquefied layer, or the gradient of the
surface topography, whichever is the maximum

The horizontal ground displacement at a distance x from the waterfront
g, is expressed in a normalized form [97] and is given by Equation 6.22:
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Bx _ {0.55x+ {1 —0.55’<}}g“ (6.22)
2o Ls L || go
where:

g.. = permanent horizontal displacement of the level ground far away
from the waterfront (may be assumed to be zero)

The permanent horizontal ground displacement profile with depth z at
a distance x of a laterally spreading deposit, g(z,x) may be approximated
as [94] (Equation 6.23).

for z <Ly, g(z,x) =g«

2

forz>(L;+L,), g(z x)=0 (6.23)

6.6.4.3.2 Bending and buckling criteria

If during an earthquake, T}, <T,, then both kinematic and inertial interac-
tions are predominant. In such cases, piles will be subjected to both axial
and lateral load, thereby acting as beam-column member. The presence of
both lateral and axial loads may cause degradation of lateral stiffness, and,
as axial load approaches critical value, beam deflections due to loss of lat-
eral stiffness. The large deflection may induce the state of plasticity in the
beam that may lead to early failure of the beam. This type of interaction is
termed as bending-buckling criteria.

The governing differential equation considering both inertial and kine-
matic loading was given in [98]

dly d?
EId—ZZ+Pd—Z}2’=—th(y—yg) (6.24)

P = vertical loading applied at the pile head
y, = permanent ground displacement
diameter of pile

= subgrade soil modulus

o O
(]

The variation of degradation of subgrade modulus can be determined
by [93] and [94] as mentioned above.
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6.6.5 Performance of pile foundations
during recent earthquakes

Some of the case histories available on pile performance during recent earth-
quakes are the Showa Bridge collapse and Yachiyo Bridge failure during the
1964 Niigata earthquake [99], the LPG tank and Hanshin expressway pier
failure [71] during the 1995 Kobe earthquake, and the Harbour Master
building failure at Kandla Port during the 2001 Bhuj earthquake [2]. In the
majority of cases, lateral spreading was reported.

During a seismic event, a structure may fail due to its structural inad-
equacy, a foundation failure, or a combination of both. In such failures,
the soil supporting the foundation plays an important role. The behavior
of foundations during earthquakes is often dictated by the response of its
supporting soil due to the ground shaking. In general, there are two types
of ground response that are damaging to the structures.

1. Soil can fail typically by liquefaction, as occurred in the 1995 Kobe
earthquake.

2. Soil amplifies the ground motion as in the 1989 Loma Prieta
earthquake.

Table 6.8 shows the case histories of the responses of various pile founda-
tions during noted earthquakes.

6.7 SEISMIC ANALYSIS OF PILE GROUPS

Piles are most commonly used in groups. For analysis of piles in groups, the
soil-pile interaction should be taken into account. It affects the response of
piles in two ways:

1. Cross-interaction among piles (pile—pile or pile-soil-pile interaction)

2. Influencing the key parameters such as soil stiffness because piles are
mostly used in soft soil, which is susceptible to stiffness degradation
during seismic events.

The simplified procedure to analyze the pile group suggested by [75,102]
involves the following steps:

1. Calculate the free-field ground response analysis and evaluate the
ground displacement along the soil depth and magnitude of maxi-
mum ground acceleration.

2. Perform static analysis by applying ground displacement over the pile
length, which is kinematic loading, and by applying lateral load at the
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pile cap, which is the product of pile cap mass and maximum accel-
eration obtained through ground response analysis.

6.7.1 Failure mechanism of pile group

Pile group is the most common foundation used in structures founded on
soft and liquefiable soil deposit. The following cases of failure of pile group

are considered.

6.7.1.1 Formation of plastic hinge both at top and bottom of pile group

For a pile group that is rock-socketed and passing through liquefiable sand
layer, the liquefiable layer may lose its capacity due to loss of stiffness dur-
ing a strong seismic event. The pile may fail by the formation of a plastic
hinge at the connection between pile and pile cap, and at the point of pile
socketing. The pile cap may fail due to rotation. The maximum bending
moment is obtained at the pile head in the case of a fixed pile and at the
boundary between the liquefiable sand layer and the non-liquefiable layer.
Figure 6.19 shows four hinge failure mechanisms in a pile group where
piles fail due to the formation of plastic hinges at pile heads as well as pile
tips. If piles are resting on a dense sand layer and not rock-socketed, then
no plastic hinge will form at the pile tips. In this mechanism, that pile cap
may suffer lateral displacement and small movement may cause huge stress
in the superstructure. Figure 6.19 also shows three hinge failure mecha-
nisms where piles will fail due to the formation of plastic hinges and one of
the piles will fail due to buckling instability. This type of failure mechanism
may cause severe rotation of pile cap, which leads to severe stress in the

superstructure.
n
I i
--- b
1 s 1
O ==
1 [N Q\
[ [ N
1 1 AR
11 11 ‘A
11 1 15
11 1 " H
. I 1 ] .
Liquefied / / Liquefied ;7
sand A0 1 sand y/
N 1 /
1|1 1|1
U 1| q’
D L]
Rock Y Y Rock Y v
(@) (b)

Figure 6.19 Pile group failure mechanism in (a) four hinge failure mechanism (b) three
hinge failure mechanism.
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Figure 6.20 Pile group failure mechanism in laterally spreading ground with non-liquefi-
able layer as one of the mayor force.

6.7.1.2 Pile group passing through inclined, liquefiable sand layer
underlain by bedrock and overlain by non-liquefiable sand

During an earthquake event, the liquefiable sand layer liquefies and tends
to spread laterally and hence a large lateral load will be generated on the
pile group due to passive earth pressure from a non-liquefiable layer lying
over it. Thus, a large lateral load in addition to the axial load may lead
to the bending of the pile, resulting in the formation of a plastic hinge, as
shown in Figure 6.20. The maximum bending moment can be obtained
at the point of connection between pile cap and pile and point of rock
socketing.

6.7.1.3 Pile group passing through inclined, liquefiable sand layer
underlain by dense sand and overlain by non-liquefiable sand

When the pile tips are resting on dense sand or a stiff clay layer, the pile
group may be subject to additional settlement in the case of the piles’
underlying layer passing through liquefiable soil deposits. The lateral loads
from the non-liquefiable layer may impart additional thrust on piles, as
shown in Figure 6.21a. The excess pore water pressure generated in the
loose soil layer may be transmitted to the dense sand layer, which causes
a softening of the soil layer. The other failure mechanism is shown in
Figure 6.21b. Here, one of the piles may suffer excessive settlement, which
leads to excessive rotation in the pile cap and results in the formation of a
plastic hinge at the pile cap. This type of phenomenon may cause the loss
of the bearing capacity of the dense sand layer and the pile may experi-
ence excessive settlement on one side that causes the formation of a plastic
hinge in the pile.
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Figure 6.21 Failure mechanism in pile group (a) and bearing failure (b). Combination of
local bearing failure and plastic mechanism.

6.7.2 Pile group pseudo-static analysis
Assumption of analysis:

1. Soil is assumed to be an ideal, isotropic, elastic material having
Young’s modulus (E,) and Poisson’s ratio ().

2. Pile is assumed to be a thin strip of width (b), length (L), and constant
flexural rigidity (E,I)

3. Each pile is divided into small elements of length (), except those at
top and bottom element whose length is (5/2).

4. Normal stresses developed between the pile and soil are only consid-
ered in the analysis; shear stress is not.

5. The horizontal stress (p) developed in a pile is assumed to be constant
across its length.

6. Soil at the back of a pile near the surface adheres to the pile and hori-
zontal displacement between soil and pile is the same and equated at
element centers, except for the top and bottom tip of pile.

The generalized differential equation 6.24 in finite difference form for
bending thin beams for a pile is shown in Figure 6.22.

Soil displacement can be calculated based on [103], which gives the value
of displacements within a semi-infinite, elastic, isotropic, homogeneous
mass caused by horizontal point load. The soil displacement for all points
along pile (x) in the group, which is induced by soil-pile and pile-soil—pile
interaction, is given by Equation 6.25:

ngp [D){u,} =-d{p,} (6.25)
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where:
p, = vector of pressure acting on pile
u, = vector of pile displacement
D = matrix of finite difference coefficient
8 = equal element length

The displacement compatibility equation between pile and soil can be
written by combining Equations 6.25 through 6.27:

fu} ={od +[LL {p) + Y

where:
{u,} =vector of soil horizontal displacement
{u.} =vector of external soil movement
{p.}=vector of pressure acts on soil
[L] =(n+1)x(n+1) matrix of soil displacement influence factors with
its components, that is, I

rXc

(L] {p.}, (6.26)

k=1#x

S.

S,ij,

I, ;=displacement of element (i) due to applied horizontal unit force in
the element ] of pile, ¢, and r is number of row and column, respectively,
in a group

o e ol B S k=), 627

The equation can further be written as

(U}, + Sl 3 1L, [D)u}, =), (6.28)

k=1#x

Equation 6.27 gives an (n+ 1) equation for (n+1) displacements. For two
end nodes, two auxiliary points are required, total unknown is now (n+35),
then for (rxc) total number of unknown equation and total number of
unknown displacement is rxcx (n+35). Boundary condition at the pile end
is applied to solve these equations.

6.8 SEISMIC SOIL-PILE STRUCTURE INTERACTION

Seismic soil-pile structure interaction refers to the effect of superstructure-
supporting pile foundations on the motion of the superstructure. Figure 6.23
shows different cases of failure of pile foundation under seismic events. The
seismic response of pile foundations is very complex and involves the inter-
action between superstructure and pile foundations (inertial interaction),
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Figure 6.23 Soil—pile—structure interaction under seismic events. (From Tokimatsu
et al., Proceedings on Geotechnical Earthquake Engineering and Soil Dynamics,
pp. 11751186, 1996.)

interaction between piles and soil (kinematic interaction), and seismically
induced pore water pressures and nonlinear responses of soil to strong seis-
mic motion. Many researchers have made contributions in this field [104-
110]. Different approaches are available to incorporate dynamic soil-pile
interaction, but they are usually based on the simplified assumptions that
the soil is linear elastic or viscoelastic and the soil is perfectly bonded to a
pile. The bonding between the pile and soil is rarely perfect in the actual
filed condition. Furthermore, the soil mass immediately adjacent to the pile
can undergo a large degree of deformation, which would cause the soil-pile
system to behave in a nonlinear manner. A lot of efforts have been made
in the recent past to model the soil-pile interaction by using the 3D finite-
element method (FEM) and the three-dimensional finite difference method
(FDM). However, it is too complex to model a pile group in nonlinear soil.

6.8.1 Three methods of analyzing seismic
soil-pile structure interaction

6.8.1.1 Elastic continuum method

The elastic continuum method, which is based on Mindlin’s solutions for
point load to semi-infinite domain, was first used to analyze the soil-pile
interaction problem [114]. This approach has been modified by various
researchers considering the effect of superstructure, soil stiffness degrada-
tion, soil non-homogeneity, material damping, and so on.
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6.8.1.2 Nonlinear Winkler foundation method

A linear elastic beam-column representing the pile attached to fully non-
linear p-y springs and dashpots representing the surrounding soil are the
basic assumptions of this model. An uncoupled approach to performing
the dynamic analysis of offshore structures was devised by [115]. Similar
studies have been made into the dynamic response of soil-pile structure.
The most simplified approach is to obtain free-field acceleration-time his-
tory by using free-field site response analysis, then corresponding displace-
ment time histories are applied to the nonlinear p—y springs to obtain the
dynamic responses of the foundation. The nonlinear Winkler foundation
model is effective and popular in design codes due to its simplicity; how-
ever, this method ignores three-dimensional interaction effects of soil-pile
contact by using a two-dimensional simulation.

6.8.1.3 Finite element method

The FEM is capable of performing either two-dimensional or three-dimen-
sional fully coupled analyses of pile foundations, which can simulate any
arrangement of soil, pile, and superstructure. The FEM includes two basic
methods: substructure method and direct method. Substructure method
includes structure, pile foundation, and nonlinear soil element. The infi-
nite soil is modeled as a regular, layered, homogeneous, semi-infinite
boundary and is considered by a rigorous interaction through force-dis-
placement relationship. Integration of the force-displacement relationship
of the unbounded domain into equations of motion of the structure gives
the dynamic analysis of soil-pile structure systems. Direct method includes
the finite element region, which contains the structure, pile foundations,
and soil profile up to the artificial boundary. The semi-infinite half-space,
soil, is represented by artificial boundary conditions, simulating the wave
propagation and energy dissipation so that no wave reflection exists from
the outwardly propagating waves.

6.8.2 Soil-pile structure interaction approach
described by various researchers

Stepwise soil-pile structure interaction in liquefiable soil is described
in [93], as shown in Figure 6.23:

1. Before the development of pore water pressure, the inertia force from
the superstructure may dominate. This was referred to as step 1.

2. Kinematic forces from the liquefied soil start acting with increasing
pore pressure. This was referred to as step II.

3. Toward the end of shaking, kinematic forces would dominate and
have a significant effect on pile performance, particularly when per-
manent displacements occur in laterally spreading soil.
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6.8.2.1 Concept of pile failure by [71]

Ref. [71] had summarized the seismically induced loading on the pile by
introducing the concepts of top-down effect and bottom-up effect. At the
onset of shaking, the inertia forces of superstructure are transferred to the
top of the pile, and ultimately to the soil. It is assumed in [71] that during
the main shaking, sandy soils had not softened significantly due to lique-
faction and that the relative movement between the piles and ground were
small. However, the author postulated that if ground motion was suffi-
ciently high such that the induced bending moment in the piles exceeds the
limiting value, the piles might fail. Since the load comes from the inertia
force of superstructure, it was referred to as a top-down effect. He con-
cluded that the observed failure of a pile in the upper portion after an
earthquake might be attributed to this effect. The author also reported
that the onset of liquefaction took place approximately at the same time
that peak acceleration occurred in the course of seismic load application
having an irregular time history. Thus, in sloping ground, the softened
ground will start to move horizontally following the onset of liquefac-
tion. Under this condition, lateral forces would be applied to the pile body
embedded in the ground, leading to deformation of the pile in the direc-
tion of the slope. The author assumed that seismic motion had already
passed the peak and that shaking may have still been persistent with lesser
intensity and therefore that the inertia force transmitted from the super-
structure would be insignificant. Under such a loading condition, the max-
imum bending moment induced by the pile may not occur near the pile
head but at a lower portion, at some depth, and this is referred to as the
bottom-up effect.

6.9 SEISMIC ANALYSIS OF COMBINED
PILE-RAFT FOUNDATION (CPRF)

Seismic analysis of a CPRF is very complex and needs proper understand-
ing of pile-soil-raft interaction. The lateral load induced on a CPRF
during earthquake motion is jointly shared by raft and pile component.
Hence, the stiffness parameter and connection condition between pile
and raft has to be defined carefully by performing sensitivity analysis.
Figure 6.24 shows the generalized CPRF model subjected to seismic
excitation.

It is observed by various researchers that horizontal stiffness of a CPRF
is larger than that of a pile group with the same configuration as a CPRF,
because a raft acts efficiently as a horizontal displacement reducer. It is
also noted that the bending moment of piles in a CPRF is less than that
of piles in a pile group. The rotation of a CPRF increases as the rigidity
of connection condition increases. The horizontal load carried by a CPRF
does not have significant influence on the pile head connection, whereas it
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Figure 6.24 Generalized pile-raft model subjected to seismic excitation.

has significant influence on the horizontal load proportion, where the raft
shares a larger proportion of the load as the connection condition rigidity
increases.

For the design of a piled raft foundation subjected to lateral loading where
average settlement is permitted with limited difference settlement, interac-
tion between building and foundation component is employed. The seismic
analysis and design of the CPRF is done by using the results obtained by
centrifuge modeling, numerical simulations, and case studies.

6.9.1 Advantages of CPRF under dynamic conditions

e Improvement of serviceability of shallow foundations by reducing
settlement, differential settlements, and tilt, and avoiding eccentrici-
ties and making loads centric, by concentrating piles around highly
loaded area.

e Lateral load induced during dynamic condition will be shared by raft
and pile, depending on their stiffness.

e If a pile passes through liquefiable soil deposit, raft provides buckling
stability to pile foundation in case pile is subjected to excessive axial

load.
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e Depending upon the loading condition, lateral load shared by the
CPRF may be governed by designing the proper connection condition
either as rigid, semi-rigid or hinged.

e In case a CPRF is subjected to excessive moments due to seismic
events, the hinged connection condition should be preferred to reduce
the stress concentration at the pile head.

e Various case studies show that CPRF performs better than other
foundation systems in cases of seismic loading.

¢ In summary, CPRF is the most suitable foundation in seismically vul-
nerable areas.

6.10 NUMERICAL DYNAMIC ANALYSIS

The purpose of numerical dynamic analysis is to simulate iz situ soil condi-
tions and construction sequence and to analyze the influence of dynamic
loading on the various geotechnical structures with the help of an available
numerical computer program. With the advances in the field of computer
engineering and software, the finite element analysis and finite difference
analysis are gaining popularity and being applied more in the design of
geotechnical structures in last four decades. The invention of high-speed
computers is encouraging geotechnical engineers to apply the finite element
analysis for solving complicated problems including various dynamics.
Different researchers have used different approaches for dynamic analyses
of pile, pile group, and pile raft foundations, which include the application
of seismically induced lateral loads to the top of the pile head, or applying
the acceleration, force, or displacement time history at the base of a soil
model to capture the response of such structures. Two different types of
approach are used to analyze deep foundation problems.

6.10.1 Steps to be followed for the design of
single pile, pile group and CPRF

e Soil investigation data has to be properly checked before selecting any
soil parameters and constitutive soil model to simulate realistic soil
behavior.

o If stiffness parameters of soil are constant values, which is normally
for the case of sand, then the Mohr-Coulomb model is the preferred
choice, but if stiffness parameters of soil are depth dependent or the
soil is soft clay, care has to be taken in choosing the constitutive model
to simulate actual field condition. The hardening soil model and the
soft clay constitutive model can be chosen.

e To model the liquefaction condition, Finn and Byrne models can be
chosen, which are dependent upon the relative density and penetra-
tion resistance of soil.
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e The size of the numerical model should be greater than about 2.5
times the length of longest pile for a static case and should be increased
further for lateral loading and seismic loading cases, based on engi-
neering judgment, to eliminate the boundary effects.

e Pile spacing, pile diameter, and pile position may be decided on the
basis of procedure and parametric variation. Feasibility of CPRF must
be checked based on settlement and differential settlement responses
observed and compared with the conventional raft and pile founda-
tion responses.

e For structural components, that is, raft and piles, high stiffness value
has to be chosen as per the characteristic strength of raft and pile
material. To obtain structural response, pile and raft should be mod-
eled as structural elements, respectively.

e Consideration of uniformly distributed loads may be useful for pre-
liminary design and proportioning of foundation components.

e Seismically induced loads can be replaced by equivalent static hori-
zontal load, which is equal to the seismic acceleration coefficient
times the maximum superstructural load acting on to the foundation
unit. In another way, the real acceleration-time history may also be
applied at the base of the soil model and the response of the CPRF can
be observed. The acceleration particular to the site can be obtained by
performing a ground response analysis from the results of a seismic
hazard analysis. For further details about seismic hazard analysis,
see [111-113].

e Suitable CPRF code like ISSMGE combined pile-raft foundation
guidelines (2013) has to be followed properly for static design and
can be updated further for seismic loading conditions.

6.10.2 Numerical dynamic analysis of oil
tank foundation: A case study

A seismic design for pile foundations to support an oil tank in a seismi-
cally active region of Iraq was performed [117]. Geotechnical investiga-
tions revealed 2.5 m of medium dense sand layer followed by a layer of soft
to stiff clay having a plastic limit more than 20% up to 24 m, and a dense
sand layer extending to greater depth. The typical soil property is shown in
Figure 6.25. An oil tank of height 15 m and diameter 23.5 m was proposed
for the site. The dead loads of the oil tank, empty and full, under operat-
ing conditions were 1400kN and 62000kN, respectively. The characteristic
strength of concrete was chosen as 35 N/mm?. A finite element program,
PLAXIS3D was chosen to simulate in situ conditions. Soil was modeled on
the Mohr-Coulomb model, pile and pile cap were modeled as embedded
pile element and plate element, respectively, as shown in Figure 6.26. A
total of 89 piles of diameter 800 mm and length 26 m were used below the
tank. The numerical model was first validated with a test conducted at the
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Figure 6.25 Geotechnical properties along soil depth. (From Kumar etal., Disaster
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Figure 6.26 3D view of numerical model of pile foundation for oil tank in PLAXIS3D.
(From Kumar et al., Disaster Advances, 8(6), 33—42, 2015.)
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Figure 6.27 Comparison of load—settlement curve obtained in PLAXIS3D and in the
field. (From Kumar et al., Disaster Advances, 8(6), 33—42, 2015.)

site. Figure 6.27 shows the load—settlement curve obtained in the field test,
and the numerical simulation shows a reasonable validation of the numeri-
cal model. Axial load in pile varies from 510kN to 697kN from center pile
to periphery pile. The total differential settlement of 3 mm was observed
under static loading conditions.

Seismic analysis was carried out after completion of the static analysis
by applying synthetically generated earthquake input motion based on the



222 Foundation Systems for High-Rise Structures

results of Probabilistic Seismic Hazard Analysis (PSHA) for that particular
site. An earthquake of input motion of peak ground acceleration 0.15 g
and 54 s duration was applied at the base of the soil model. For accurate
wave transmission through the soil model, the mesh size was kept smaller
than one-tenth of the wavelength associated with the highest frequency of
earthquake input wave. The mesh size of 1.92 m was kept by considering
above criteria. A viscous boundary that contains dampers was adopted to
absorb the multiple wave reflection. The Rayleigh damping of 5% was used
to in the modeling process, which was typical value for geologic material.

The maximum differential settlement of 4 mm is observed under dynamic
loading. Amplification is observed at the ground surface. The piles expe-
rienced maximum axial load of 1284 kN at the outer periphery piles and
772 kN at the central piles, which dominate the design. It was also observed
that differential settlement was within permissible limits of 1/300.

Table 6.9 shows the numerical study carried out to analyze pile, pile
group, and CPRF under seismic loading conditions.

6.11 DYNAMIC CENTRIFUGE TESTS
ON PILES AND CPRF

Full-scale pile and CPRF testing are very cumbersome and time-consum-
ing, and simulation of an earthquake event in such tests makes it more com-
plex. To simulate the behavior of deep foundations under seismic loading,
the numerical technique is one of the options, but to validate the numerical
analysis data, one must have some field-measured result, hence the need
for dynamic centrifuge tests arises, which can simulate not only the state
of stress, but also the event of liquefaction during the seismic event. Many
researchers have done extensive tests on piles and CPRF to understand
their behavior during an earthquake event.

Table 6.10 shows the research contribution in the field of dynamic analy-
sis by using centrifuge tests on pile, pile group and CPRF.

6.12 SEISMIC ANALYSIS OF PIER AND
WELL FOUNDATION

Well foundation (also known as Caisson foundation) is generally used for
the deep foundations of railway and road bridges over rivers, aqueducts,
and other structures. This foundation system is often when scouring of a
riverbed is a major concern. The geometric and flexural properties make
such foundations suitable over pile foundations. They are also able to
carry large lateral and moment loads. Seismic response of this foundation
type depends upon the in situ soil characteristics and spatial variations of
earthquake motion at different depth of soil, and nonlinearity at soil-well
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Table 6.9 Numerical study carried out for analyzing the behavior of pile, pile group and
CPRF under seismic loading conditions

Piles

Sr.

No. Ref. Methodology Results and description

| [119] Modeled a single pile for both fixed ~ Bending moment and lateral deflection
headed and free headed piles by in pile Is more in liquefied soil
using FLAC3D, carried out deposits as compared to non-liquefied
dynamic analysis of single pile in soil deposit, lateral deflection is more
liquefied and non-liquefied soil in case of free head pile as compared
deposits to fixed headed pile

2 [120] Analyzed the response of vertical The overall response of pile—soil
pile embeddec in dry dense sand system indicated the suitability of the
subjected to cyclic lateral load by chosen model for lateral response
using centrifuge test and finite prediction; | X2 pile group under
element program ABAQUS cyclic lateral loading was capable of

representing shadow effect of pile
group

3 [121] Conducted parametric study on Bending moment evaluated for both
single piles and pile groups single pile and pile group with dynamic
embedded In a two layer sub-soil analyses in time domain under
profile for evaluating the kinematic different sub-soil condition were more
bending moment developed during reliable compared to other simplified
earthquake by using finite element approaches
program VERSAT-P3D

4 [122] Extended the pseudo-static analysis  Flexible concrete piles were vulnerable
of 22 pile group for accounting to significant amplification and
the instability effects of pile ultimate collapse at lateral loads; for
groups, carrying substantial axial stiffer and stronger steel piles,
load in liquefied soil of low amplification was found to be low at
stiffness using Riks post- buckling maximum working load
analyses method and implemented
the same ABAQUS.

5 [123] Analyzed the influence on the Vertical load had marginal influence on
lateral response of piles istalled in lateral response of piles in loose sand;
sandy soil by using 3D-GEOFEM; Percentage improvement in lateral
pile was modeled as linear elastic load capacity for measuring the
material and soil was modeled by influence of vertical load on lateral
using Drucker-Prager model response of piles in loose and dense

sand

6 [124] Studied the effect of nonlinear Nonlinearity suppressed the wave
behavior of soil and separation at interference effect among the piles in
soil-pile interface of single pile and group and significantly reduced the
pile group by using FORTRON stiffness at excitation frequencies; the
code (3DnPILE), seismic analysis effect of soil nonlinearity depended
were conducted by applying upon the frequency of
harmonic load and transient
excitation to pile

CPRF

| [125] Analyzed pile group and CPRF Pile groups experience more

under sinusoidal loading and
El-Centro earthquake time history
by using ABAQUSS finite element
program

settlement, lateral displacement,
deformation and bending moment as
compared to CPRF under both
sinusoidal and earthquake loading.
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interface. Such foundations also suffer moderate to severe displacement in
the event of liquefaction during an earthquake.

Well foundation is generally analyzed by modeling as simple linear
Winkler springs by neglecting soil and interface nonlinearities. In practice,
well foundation is modeled as two-dimensional plain strain or one-
dimensional spring dashpot model. The one-dimensional approach is
frequently used in practice due to its simplicity and easy implementation.
The one-dimensional spring dashpot model, which incorporates soil and
interface nonlinearity, is proposed in [133].

6.12.1 One-dimensional (ID) spring dashpot
analysis of soil-well-pier foundation

The model considers Novak’s and Veletsos’s model as the basic model, as
it is widely used for deep foundations. Figure 6.28 shows the four springs
distributed along the length of a well foundation viz., translational and
rotational spring dashpot, concentrated base translational, and rotational
spring dashpot. Ref. [134] proposed the dynamic stiffness of unit length
for an infinitely long rigid cylinder embedded in homogenous soil and sub-
jected to translational and rotational modes of vibrations:

ky = G[ Sy (20,9, D) +iS,2 (a5,,D) | (6.29)

ke = Grz [591 (ao,Ds) + iSQZ (ao,D):|

Superstructure mass
—

Distributed translation
springs (ky, ¢,)

/ Pier

T Distributed
oé = 4 rotational

3 .
§ 3 springs (kg, o)
& .2
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—p——
7
/ Rotational base
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— Ve
Translational base
springs (K, Chy)

Figure 6.28 Mass-spring-dashpot model for soil-well-pier foundation. (From Mondal
et al., Earthquake Spectra, 28(3), 1117-1145, 2012.)



Dynamic behavior of foundation systems 227

where:
ky, ke = the dynamic impedance of soil for translation and rota-
tional vibrations, respectively
r, = the radius of circular cylinder or equivalent radius

ay = r,0/v, = dimensionless frequency

Vs = shear wave velocity of soil mass
) = the poisons ratio of soil

D = material damping

Spring and dashpots were connected in parallel and distributed through-
out the embedment. The base resistance is modeled by introducing a spring
at the base, and the stiffness of calculating base resistances can be obtained
from the equation proposed by [136,137]

8Gr,

ki =—22 6.30
= (6.30)
8Gr, 0.6a,
Cox =5 "
2-v o
SC;I'()3
= K
bo 3(1-v) bo
SGI'03 0.35303
Cho = :

3(1-v) o(l+ay?)

, 1-0.2a, for ay<2.5
Ko =
0.5a, for a;>2.5

The system is subjected to displacement history corresponding to the soil
layer estimated from equivalent linear analysis by using SHAKE2000, and
the responses of the well foundation can be obtained.

6.12.2 Finite element analysis of
soil-well-pier foundation

Soil-well interface behavior during ground shaking was studied in [135],
which also evaluated the significance of interface nonlinearity by using the
two-dimensional finite element model considering soil and interface non-
linearity under both full and partial embedment of well foundation. Soil
was assumed to be cohesionless and tested for both dry and saturated con-
dition. Figure 6.29 shows the two-dimensional geometry of the model used
in the study. The height of the pier was 13.47 m, and the depth of the well
was 50 m. For a full embedment condition, a 20 m thick layer of medium
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Figure 6.29 Geometry of well foundation and Piers used for the present study.
(@) Elevation; (b) section A-A; (c) section B-B. (From Mondal etal,
Earthquake Spectra, 28(3), 1117-1145, 2012.)

sand followed by a 30 m thick layer of medium dense sand followed by a
50 m thick layer of medium dense sand and bedrock extending to greater
depth is considered. For partial embedment, soil was assumed to be eroded
from the top. Figure 6.30 shows axisymmetric modeling details of the soil-
well-pier foundation. Validation of the model was carried out with the
1940 El-Centro earthquake motion. After successful validation, the same
model was further analyzed under peak ground acceleration of 0.2 g, 0.4 g
and 0.6 g, respectively.

Results show that depth of separation increased with increases in embed-
ment ratio. Maximum sliding was observed near the ground surface. The
interface nonlinearity does not show any significant influence on the design
displacement and resultant forces in the well and piers.

6.13 CODAL PROVISIONS

6.13.1 Codal provision for ground response analysis

Ref. [138] proposed very broad classification of soil sites to consider local
site effects. The response spectra for three different types of soil, namely,
rock and hard soil, medium soil and soft soil at founding level have been
specified. There is no definite criterion for seismic classification of soil.
International codes [139] adopt site classification based on the average shear
wave velocity in the upper 30 m of soil deposit (Vs30). These codes have
proposed site coefficients based on the intensity level of bedrock motion
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Figure 6.30 Two-dimensional view of soil-well-pier foundation in SAP 2000. (From
Mondal et al., Earthquake Spectra, 28(3), 11171145, 2012.)

to compute surface level seismic hazard parameters. Hence, in order to
capture local site effects, site-specific seismic hazard analysis and compre-
hensive ground response analysis is imperative to quantify seismic hazard
parameters.

6.13.1.1 NEHRP (2009)

The NEHRP (2009) provisions provide the uniform hazard ground motion
(SSUH and S1UH) maps, risk coefficient (CRS and CR1) maps, and deter-
ministic ground motion (SSD and S1D). The subscripts “UH” and “D”
indicate uniform hazard and deterministic values of the spectral response
parameter at short period (0.2 s) and long period (1.0 s), Ss and S1. The
CRS and CR1 are the mapped risk coefficients at short and at long periods.

The spectral response acceleration parameter at short periods, SS, is
taken as the lesser of the values computed using NEHRP (2009) Provisions
as per

Ss = Crs Ssun (6.31)

Ss =Ssp (6.32)
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The spectral response acceleration parameter at a period of 1.0 s, S1, is
taken as the lesser of the values computed using NEHRP (2009) Provisions
as per

S1 = Cri Siun (6.33)
Sl = S]D (634)

Using, these spectral response acceleration values and the site class, site
coefficients Fa and Fv, at short period and long period (1.0 s), respectively,
are determined. Using NEHRP (2009) Provisions, equations to determine
the MCER spectral response acceleration parameters are

Sy = ES. (6.35)

Syi =ES, (6.36)

Using NEHRP (2009) Provisions to determine the design earthquake
spectral response, the acceleration parameters are given as

2
Ssp =7 Swmis (6.37)

Swi (6.38)

3
2
Sp1 = 5

The NEHRP (1997) Provisions are part of IBC (2003). The NEHRP
(2009) Provisions are a major technical modification to ASCE 7 (2005).
The NEHRP 1997, 2000, and 2003 Provisions adopted a “Uniform
Hazard” approach as against the “Risk-Targeted” approach adopted in
the NEHRP (2009) provisions to determine the Maximum Considered
Earthquake hazard parameters. In the “Risk-Targeted” approach, the
ground motion parameters are adjusted to provide a uniform 1% risk of

collapse in a 50 year period for a generic building, as opposed to a uniform
return period for the seismic hazard (FEMA P-751 2012).

6.13.1.2 ASCE 7 (2010) [140]

The ASCE 7 (2010) standard addresses the key issues of the seismic design
of buildings and other structures by characterizing the earthquake ground
motion. The effects of earthquake motions are resisted by designing and
constructing the structures as per the standards recommendation with
respect to the seismic ground motion values, design response spectrum,
importance factor and risk category, seismic design category, and geologic
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hazard and geological investigation. The ASCE 7 (2010) standard criteria
for seismic ground motion values are described below.

The acceleration parameters SS and S1 are determined from the 0.2 s and
1.0 s spectral response accelerations maps provided in ASCE 7 (2010) and
from the USGS website http://earthquake.usgs.gov/designmaps. Where,
SS=mapped MCER spectral response acceleration parameter at short
periods, S1=mapped MCER spectral response acceleration parameter at
a period of 1.0 s. The MCER is the risk-targeted maximum considered
earthquake ground motion response acceleration that represents the most
severe earthquake effects that result in the largest maximum response to
horizontal ground motions and with adjustment for targeted risk.

The MCER spectral response acceleration parameters for short periods
(SMS) and at 1.0 s (SM1), adjusted for site class effects, are determined by

Sms = ES (6.39)
Sui =ES; (6.40)

where Fa and Fv are the site coefficients at a short period (0.2 s) and a long
period (1.0 s), respectively.

The design earthquake spectral response acceleration parameters at short
period, SDS, and at 1.0s period, SD1, are determined by

2

Ssp = §SMS (6.41)
2

SD1 = ESMI (6.42)

ASCE 7 (2010) also outlined the site-specific risk-targeted maximum
considered earthquake (MCER) ground motion procedure that calculates
MCER spectral response acceleration at any period that can be taken as
the lesser of the spectral response accelerations from the probabilistic and
deterministic ground motions. The probabilistic and deterministic ground
motions considered in ASCE 7 (2010) are as follows.

e The probabilistic ground motions shall be taken as risk-targeted
ground motions, in terms of the uniform hazard (2% in 50 year)
ground motions.

® The deterministic ground motions are 84th percentile ground motions.

e The probabilistic and deterministic ground motions are redefined
as maximum-direction ground motions, in lieu of geometric mean
ground motions.

The design response spectrum and design acceleration param-
eters are then evaluated accordingly. The site-specific ground motion
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hazard-analysis procedure considering the MCER ground motions can be
found in Chapter 21 of ASCE 7 (2010) standard.

6.13.1.3 Indian standard code (IS 1893-Part I, 2002)

The seismic effects due to earthquake ground motion can be addressed in
the design of a building by computing the design seismic base shear (VB)
with

Vi =AW (6.43)

where A, = design horizontal seismic coefficient for a structure as obtained
by the expression

_ZIS,

A, =
g 2Rg

(6.44)

in which “Z” is a zone factor for the maximum considered earthquake
(MCE). The zone factor is converted to zone factor for design basis earth-
quake (DBE) by using a factor 2 in the denominator of Z. “I” is the impor-
tance factor based on the functional use of the structure. “R” is the response
reduction factor that depends on seismic damage performance and Sa/g is
spectral acceleration coefficient for rock and soil sites based on natural
period and damping of the structure. The design acceleration spectrum for
vertical motion is taken as two-thirds of the design horizontal acceleration
spectrum. The site classes specified as medium soil and soft soil have no
definite criteria for distinction.
Table 6.11 describes the site class as per various seismic codes.

6.13.2 Design of pile foundation

Very few codes are available for designing pile foundations in liquefy-
ing soils. There are a few codes, such as the Japanese Highway Code of
Practice [85,39] and Eurocode 8 (1998), which provide guidelines for anal-
ysis of pile foundations passing through liquefying soil deposits. The salient
features of these codes are discussed here.

6.13.2.1 Development of Japanese code
of practice (1972-1996)

Several bridges, such as the Showa and the Yachiyo bridges were dam-
aged during the 1964 Niigata earthquake due to soil liquefaction. Based on
experience and observation, the Seismic coefficient method was introduced
in the Highway Bridge Specification [141] to take into account the effects
of liquefaction [142]. The code was subsequently amended in 1980 and,
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Table é6.11 Site classes as per various seismic codes

Mean shear wave velocity for top

Category Description 30m (V30
NEHRP (20D9) A Hard Rock Soils > 1500 m/s
provisions B Firm to Hard Rock 760-1500 m/s
C Dense Soil, soft Rock 360-760 m/s
D Stiff soil 180-360 m/s
E Soft days < 180 m/s
IS 1893 (Part I); Type | Rock or Hard Soil:Well graded gravel and sand gravel
2002 mixtures with or without clay binders and clayey sands
poorly graded or sand clay mixtures (GB, CWV, SB, SW
and SC as per IS 1498) having SPT .N” above 30.
Type Il Medium Soils: all soils with N between 10 and 30 and
poorly graded sands or gravelly sands with little or no
fines (SP as per IS 1496} with N> 15.
Type lll Soft Soils: All soils other than SP (as per IS 1498) with
N<10.
IBC (2009) A A Hard Rock: Eastern United States sites only
—V> 1500 m/s
B Rock - 760 <V,< 1500 m/s

Very dense Soil and soft rock (undrained shear strength
S,> 100 kPa), 360 < V, < 760 m/s

D Stiff Soils with undrained shear strength
50 kPa<S,< 100 kPa or I5<N <50, 180<V, <360 m/s
E Soft Soils, Profile with more than 3 m of soft clay

defined as soil with PI> 20, moisture content w > 40%,
undrained shear strength S,<50 kPa and N< I5,
V, <180 m/s

F Soils requiring Site specific: evaluations.

Soils vulnerable to potential failure or collapse under
seismic loading eg. Liquefiable soils, quick and highly
sensitive clays, collapsible weakly cemented soils. Peats
and highly organic clays 3 m or thicker layer.

Very high plasticity clays 8 m or thicker layer with
PI>75.Very thick soft/medium stiff clays: 36 m or
thicker layer.

as a result, an alternative approach known as the “seismic deformation
method” evolved. Following the damage of piled bridges in the aftermath
of the 1995 Kobe earthquake, the Highway Bridge Specification was fully
revised [143]. A new approach, with checks on lateral spreading, was intro-
duced in this edition.

6.13.2.2 Japanese highway bridge specification [85]

The Japanese design specification for highway bridges was revised after
the 1995 Kobe earthquake due to the extensive damage of bridges. It is



234 Foundation Systems for High-Rise Structures

reported that liquefaction-induced lateral spreading was the main cause of
bridge failure. As a result, guidelines were introduced to take into account
the forces due to liquefaction-induced ground movement. The design ide-
alization for liquefaction-induced forces is shown in Figure 6.31. The code
advises practicing engineers to check the design of piles against bending
failure according to the pressure distribution shown in Figure 6.32.

This pressure distribution was formulated by back-analyzing some of the
piled bridge foundations of the Hanshin expressway that were not seriously
damaged [144]. This check against lateral spreading forces is additional
to the requirements against inertia. The background for such a design
philosophy is illustrated in [143]. The author notes that when the ground
moves, the force associated with the ground movement applies to a part of
foundation in contact with the moving ground. The author argues that the

Ground
displacement
Bending
moment

Inertia force Inertia force

Figure 6.31 Schematic diagram showing the stages of pile failure during earthquake. (a)
During shaking before liquefaction; (b) during shaking after liquefaction; (c)
lateral movement after earthquake liquefaction. (From Choudhury et al.,
Proceedings of the National Academy of Sciences, India (Section A: Physical
Sciences), Vol. 79, Pt. Il, 1-11, 2009.)

Thickness of non- Thickness of

liquefiable layer liquefiable layer
A% / qy = passive earth
H / pressure
NL
v
Liquefiable q, =30% of over-
layer burden pressure
v P

Non-liquefiable
layer

Figure 6.32 ldealization of seismic design of pile foundation in liquefied layer.
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phenomenon is essentially a force mechanism and that it is appropriate to
idealize the foundation as a structure supported by soil springs and pre-
scribe the movement of ground at the end of each spring. In design of foun-
dations based on such an analytical model, it is important to accurately
predict the ground movement. Since the evaluation of maximum ground
movement is difficult, the pressure distribution approach is incorporated
in the code. Using dynamic centrifuge tests, [145] measured earth pressure
acting on a piled foundation behind a retaining wall during and after earth-
quake loading. The authors concluded that the code in [85] over-predicts
the lateral pressure in both liquefiable and non-liquefiable layers. The cen-
trifuge test results of [146] show similar order of magnitude pressure, as
predicted by [85] code. Dynamic centrifuge tests were performed in [147]
and the results show that [85] under-predicts the lateral pressure distribu-
tion during the peak transient phase but gives a reasonable prediction for
the post-earthquake residual flow.

6.13.2.3 Eurocode 8 (1998)

The Eurocode 8 (Part 5, 1998) advises the designers to design piles against
bending due to both inertia and kinematic forces arising from the defor-
mation of the surrounding soil due to earthquake. Piles shall be designed
to remain elastic. Kinematic interaction need only be considered for soil
deposits (ground types D, S1,52) [for details of ground type (See NEHRP
(2009)] with consecutive layers of sharply contrasting stiffness and design
acceleration and supporting structure of importance category III and I'V.
When this is not feasible, the sections of the potential plastic hinging must
be designed according to the rules of Part 1-3 of Eurocode 8. In addition,
Part 5 of Eurocode 8 (1988) allows that the potential plastic hinge shall be
assumed for: (1) A region of 2d from the pile cap, (2) a region of +2d from
any interface between two layers with markedly different shear stiffness
(ratio of shear moduli> 6) where d denotes the pile diameter.

6.13.2.4 NEHRP (2000)

The code notes that an unloaded pile placed in the soil would be forced to
bend similar to a pile supporting a building. The primary requirement is
stability and is best provided by piles that can support their loads while still
conforming to the ground motions, hence the need for ductility.
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Chapter 7

Special foundations

This chapter covers selected special foundations. These include

Geothermally activated foundation systems
Reuse of foundations

Caisson foundations

Shaft foundations

Offshore foundations

The successful planning, design, and construction of these special foun-
dations require specialized knowledge and wide experience. This applies
to the planners, authorization personnel, and constructors, as well as inde-
pendent peer reviewers.

7.1 GEOTHERMALLY ACTIVATED
FOUNDATION SYSTEMS

The use of geothermal energy in buildings is an environmentally friendly,
sustainable practice. In Germany, the operation of buildings uses up to
40%-50% of all energy consumption. Therefore, geothermal energy offers
a possibility to improve overall energy efficiency [1]. Geothermal energy
describes the utilization of the subsoil and the groundwater to extract and
to store thermal energy.

Geothermally activated foundation systems can consist of shallow as
well as deep foundation elements. Recently, even massive retaining struc-
tures are geothermally activated as well [2,3]. Moreover, with the help of
geothermal energy, traffic areas, like train platforms or bridges, can be kept
free of ice and snow during the winter months [4,5].

Depending on the boundary conditions, different systems can be used
to produce geothermal energy. These include geothermal sensors, surface
collectors or the direct utilization of the groundwater. Additionally, mas-
sive foundation elements, like reinforcedconcrete piles, can be used as solid
absorbers.
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7.1.1 Physical basics

Geothermally activated foundation systems extract energy from subsoil
that is warmer than the outside temperature in winter months. The energy
is transferred via a heat pump into the building for heating. In the sum-
mer months, when the subsoil is cooler than the outside temperature, it is
used to cool a building [6]. The principle of seasonal geothermal storage is
shown in Figure 7.1.

The heat transfers occur in the direction of the lower temperature level.
The transfer methods can be substance-related (conduction, convection,
and dispersion), or substance-free (thermal radiation).

Moreover, a transport of heat can occur because of evaporation or con-
densation processes, frost and dew processes, pressure changes, and radio-
active decay, as well as biological and chemical processes. Generally, when
using geothermal energy, the substance-related transport mechanisms
dominate, and the others can be neglected. The heat transfer mechanisms
in the subsoil depend on the grain size and the degree of saturation [7].

Assuming that the subsoil is an incompressible, isotropic, homogenous,
porous medium, the consideration of the heat balance can be calculated
using Equation 7.1. The change of the internal energy of the subsoil per
time unit is described in consequence of the heat transfer mechanisms con-
duction, convection, and dispersion, as well as internal heat sources. The
derivation of the Equation refers according to [1].

Winter Summer
Cooling
Heating (e.g., cooling ceilings)
>

Building

Geothermal
storage
(subsoil)

Figure 7.1 Seasonal geothermal storage.
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aT . . :
p-c-g = d1v[(7u+(p-c)f -0y ~\V\)g1radTJ—(p~c)f div(v-T)+Q (7.1)

A= thermal capacity [W/(mK)]
T= temperature [K]
t= time [s]
p= density [kg/m?]
¢ = specific thermal capacity []J/(kgK)]
p-c= volumetric heat capacity [J/(m3-K)]
v= speed of fluid [m/s]
8, = heat dispersivity [m]
Q= internal heat sources [ W/m?3]

7.1.2 Solid absorber

Solid absorbers are structurally required elements of foundation systems
and retaining walls, which are geothermally activated. This includes, for
example, energy piles, energy barrettes and geothermally activated foun-
dation rafts. Recently, tunnel linings have been used for installing energy
fleeces or energy segments [8-11].

For geothermal activation on the inside of the reinforcement cages of
piles or in the blinding concrete of foundation rafts, heat exchanger tubes
are installed in loops. Figure 7.2 shows a reinforcement cage with the
attached heat-exchange pipes.

Figure 7.2 Heat exchanger tubes in a reinforcement cage. (From Katzenbach, et al.,
Geothermie, Ernst & Sohn Verlag, Berlin, 171220, 2011.)
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In principle, when using the geothermal energy, it should be ensured that
the temperature of the construction elements is not below the frost level,
because cyclic freezing and un-freezing reduces the bearing capacity of the
soil.

7.1.3 Analysis and design

The determination of the number and the length, respectively, of the area
of geothermally activated systems is determined on the basis of experience
as well as analytical or numerical calculation [12]. In order to detect the
long-term behavior as well as the extension of the influence of geothermal
plants, numerical simulations (e.g., finite element method) are necessary.
Thereby, the groundwater flow in particular has to be considered. In the
case of high groundwater flow velocities, geothermal energy is transferred
as a result of convective heat transfer processes [13].

Depending on the subsoil, an energy abstraction capacity of 40 W/m
to 70 W/m can be indicated for energy piles. For piles with a diameter
D> 60 cm, the energy abstraction capacity can be estimated to 35 W/m?
of the surface. Geothermally activated foundation rafts have an energy
abstraction capacity of approximately 15 W/m? [14].

Regarding stability and serviceability, geothermally activated foundation
systems are assessed in the same way as non—geothermally activated sys-
tems. Moreover, the secured geothermal use, which means the sufficient
energy abstraction or a sufficient energy storage in the subsoil, has to be
checked. In any case it has to be guaranteed that there is no cyclic freezing
and unfreezing to prevent a reduction of the bearing capacity of the subsoil.

Analogue to the Geotechnical Categories, geothermal constructions are
classified into the Geothermal Categories GtC 1 to GtC 3, depending on
the size and complexity, the ground conditions, and interactions with the
surroundings [15].

The Geothermal Category GtC 1 includes small and simple geothermally
activated constructions with an installed capacity of up to 30 kW in simple
subsoil conditions. The construction is designed on experiences.

The Geothermal Category GtC 2 includes geothermal constructions with
a medium size, with moderately difficult subsoil conditions that do not
comply with the Geothermal Category GtC 1 or GtC 3.

The Geothermal Category GtC 3 includes complex geothermal construc-
tions with an installed capacity of more than 100 kW and/or difficult sub-
soil conditions and complex interactions with the surroundings.

As a result of the requirements considering the design and construction
of solid absorbers, these have to be classified into the Geothermal Category
GtC 2.

With regard to the required quality assurance for planning, design, and
construction of geothermally activated structures, more information is
given in [1].
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7.1.4 Construction

The construction of solid absorbers is the same as for non—geothermally
activated foundations, taking into account the additional technical, physi-
cal and organizational conditions of the whole geothermal system.

Representative for the constructive design are the requirements of the
structural design. The arrangement of heat exchanger tubes and mea-
surement devices (e.g., temperature) is subsequently defined. The risk of
damage to the additional installations must be minimized for a successful
construction. For piles and barrettes, additional installations are fixed at
the inside of the reinforcement cage as shown in Figure 7.2. For the reduc-
tion of the number of tubes, a series connection is useful. The head of an
energy pile with two circuits, which are connected in series, is illustrated
in Figure 7.3. Figure 7.4 provides a schematic view of the head of an energy
pile. If reinforcedconcrete elements are directly in contact with the interior
of a building, the heat exchanger tubes have to be located on the ground-
side of the structure.

Site connections, for example, at reinforcement cages of piles, should be
avoided to keep the number of coupling joints as low as possible. In most
cases, reinforcement cages have a maximum length of 15 m regarding the
requirements of traffic and transport purposes. The difficulty of coupling
segments of a reinforcement energy pile is shown in Figure 7.5.

Figure 7.3 Head of an energy pile. (From Katzenbach, et al., Geothermie, Ernst & Sohn
Verlag, Berlin, 171-220, 2011.)
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Figure 7.4 Scheme of a head of an energy pile.

Figure 7.5 Reinforcement joint of an energy pile. (From Katzenbach, et al., Geothermie,
Ernst & Sohn Verlag, Berlin, 171-220, 2011.)
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For reinforcedconcrete driven piles, the heat exchanger tubes are installed
within the factory. The connections are protected by constructional mea-
sures during the ramming or vibrating process.

For geothermally activated foundation rafts, the heat exchanger tubes
are placed on the blinding concrete. A fixing on a wide reinforcement grid
is recommended.

Before operating the geothermal structures, the pipelines have to be
flushed and the tightness has to be checked. This is followed by filling the
pipelines with the heat transfer medium. Normally, water is the heat trans-
fer medium for solid absorbers.

7.1.5 Examples from engineering practice
7.1.5.1 PalaisQuartier

This example from Frankfurt am Main, Germany, which is also described
in Section 4.4, illustrates the utilization of foundation piles and piles of the
retaining wall for seasonal geothermal energy storage [1-3,16]. The utili-
zation of geothermal energy has been implemented for different projects
in Frankfurt am Main, for example, at the high-rise structures Galileo,
MainTower and Skyper [17]. For the construction project PalaisQuartier,
262 of the 302 foundation piles and 130 of the 289 piles of the retaining
wall were installed as energy piles. A total of 392 energy piles are available
for the development of geothermal resources of the subsoil with a total
capacity of 913 kW. Figure 7.6 shows an energy pile, which is equipped
with PE-lines and measuring cables. Figure 7.7 demonstrates the horizontal
coupling at the base of the basement raft [18].

With the system nearly energy balanced, the subsoil is used as a sea-
sonal thermal storage (Figure 7.8). In the heating period, the annual energy
amount is about 2350 MWh/a. In the cooling period, the annual energy
amount is about 2410 MWh/a.

For the water, legal and mining regulations, in addition to the verifi-
cation of an intact energy balance, the geothermal impact were exam-
ined. The studies were carried out by three-dimensional numerical
simulations considering the groundwater flow and the heat transfer
(Figure 7.9).

As expected, the numerical simulations show the largest extensions of
the influenced temperature field in the direction of the groundwater flow
in the rocky Frankfurt Limestone. At a distance of about 25 m behind the
retaining wall, the influence of the temperature of the subsoil decreases
to AT<1 K. Particularly, the area with a concentration of piles shows
the highest geothermal influences of the subsoil. The highest geothermal
impact is at the office complex in the north of the whole building complex
(Figure 7.10).
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Figure 7.6 Heat exchanger tubes and measuring cables at the reinforcement cage. (From
Katzenbach, et al., Geothermie, Ernst & Sohn Verlag, Berlin, 171-220, 2011.)

Figure 7.7 Horizontal connection of the heat exchanger tubes at the base of the base-
ment raft. (From Katzenbach, et al., Geothermie, Ernst & Sohn Verlag,
Berlin, 171-220, 2011.)
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Figure 7.8 Energy-balanced seasonal storage. (From Katzenbach, et al., Geothermie,
Ernst & Sohn Verlag, Berlin, 171-220, 2011.)
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Figure 7.9 Three-dimensional FE model. (From Katzenbach, et al., Geothermie, Ernst &
Sohn Verlag, Berlin, 171-220, 2011.)
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7.1.5.2 Main Tower

The nearly 200 m tall high-rise building Main Tower is located in the finan-
cial district of Frankfurt am Main, Germany (Figure 7.11). The tower was
constructed from 1996 to 1999 and is a pioneering project for geothermally
activated foundation systems. In this case, the subsoil is used as a seasonal
thermal storage for cooling.

The subsoil conditions are typical for this part of Frankfurt. At the surface
are fillings and quaternary sands and gravels, down to a depth of about
6—8 m. Below the quaternary sands and gravels is the Frankfurt Clay. The
Frankfurt Clay is a system of alternating layers of nearly non-permeable
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Figure 7.11 Main Tower.

clay, permeable sand and permeable limestone. The limestone layers have
a thickness of up to 2.8 m. The groundwater level is about 6 m below the
surface [19].

The temperature of the subsoil and the groundwater is about 16°C at
30 m below the surface and increases with the depth.
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For using the subsoil as seasonal heat storage, all 112 foundation piles
as well as 101 reinforced piles of the retaining wall of the Main Tower
were provided with heat exchanger tubes. Eight heat exchanger tubes were
installed and distributed around the circumference of the foundation piles,
which have a diameter of 1.5 m and a maximum length of 50 m below sur-
face. The piles of the retaining wall, which have a diameter between 0.9 m
and 1.5 m and a maximum length of 34 m below the surface, were equipped
with four heat exchanger tubes. In total, 80,000 m heat exchanger tubes
with a diameter of 25 mm were installed in the piles. Altogether, about
150,000 m? of soil is available for storing the cooling energy [20].

In order to use the seasonal thermal storage of the Main Tower effectively,
the subsoil has to be cooled down to the temperature level for summer
operation. Therefore, a cold-air heat exchanger was installed on the roof
of the high-rise building for winter operation (Figure 7.12). If the outside

Cold outside -
air Cold air heat
e exchanger
[
B Control system > >
P— for asynchronous B T T
balanced mode L
> e
E| [T1 |2
A
P> [TT lE
2| T |E
E| 11 |2
v - L Heat exchanger v / Heat exchanger
7L &7 /LY,
Subsoil:
Thermal storage
ANV ANV ARVARY AV AV AlIVAHV
‘Winter operation Summer operation

Figure 7.12 Seasonal thermal storage for cooling.
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temperatures are below the temperatures inside, the geothermal storage is
put into operation. The water circulating through the system is cooled by
the cold-air heat exchanger in winter. In summer, the cool soil is used for
cooling the building. In this case, the seasonal thermal storage is working
in the asynchronous balanced mode.

7.2 REUSE OF FOUNDATIONS

For construction measures at existing structures, the reuse of existing
foundations can be necessary for different kinds of reasons. These reasons
include, for example:

¢ Increasing of the load due to conversion or additional storeys

e Constructions of excavations nearby or under existing foundations
e Irregular deformations, cracks

e Damage to the old foundations

e Changes in the subsoil

e Construction of a new structure using the existing foundation

7.2.1 Objectives of reuse

The deconstruction of existing foundations, particularly deep foundations,
is time-consuming and causes considerable technical and economical dif-
ficulty. With deconstruction, a disturbed soil situation pertains, in which
the new foundation components must be arranged [21].

Although the reuse of foundations has cost-saving potential, it can also
generate new expense.

The reuse of existing foundation elements reduces construction time and
completely eliminates the need for

¢ Planning and design of a new foundation system
e Construction of a new foundation system

® Deconstruction of existing foundations

e Disposal of excavation and demolition material

Conversely, the following extra expenses may occur:

e Investigation and evaluation of the existing foundation

e Strengthening of existing foundation elements

e If necessary, construction of additional foundation elements
e Connection to the superstructure

Due to continuously decreasing utilization cycles, space problems occur
in inner cities, which determine the need for the construction of new
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foundation elements. Either there is generally not enough space to install
the required equipment or machines, or the existing foundation elements
are difficult obstacles [22-24].

Moreover, a reuse of existing foundations reduces the intervention in the
subsoil. This is, for example, relevant for previously polluted sites or for
sites of historic interest.

7.2.2 Geotechnical analysis

Reused foundations, maybe complemented with new foundation elements,
have to be analyzed in the same way as new foundations elements regarding
load-bearing capacity (ULS) and serviceability (SLS).

The alternatives for dealing with existing foundations are shown
in Figure 7.13, exemplified for pile foundations. Either the existing
foundation pile can be reused, maybe with a reduced load (Figure 7.13a),
or additional piles have to be constructed, for example, in combination
with a new foundation raft (Figure 7.13b). Alternatively, new piles and a
traverse can be constructed (Figure 7.13c) to prevent the reloading of the
existing pile. The last alternative is the partial or complete deconstruc-
tion of an existing pile and the construction of a new pile at the same
place (Figure 7.13d).

To reuse existing foundations, comprehensive investigations are neces-
sary. These also include investigations of the conditions and the function-
ing (integrity) of the internal and external bearing capacity. In this context,
issues of serviceability should not be neglected [25].
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Figure 7.13 Alternatives of dealing with existing foundations.



Special foundations 261

7.2.3 Necessary investigations

The use of existing foundations bears a risk that is comparable to the sub-
soil risk. Through appropriate investigations in the planning phase, this
risk can be reduced significantly. Further information would likely become
apparent in the course of the construction works, which would then induce
a new evaluation of the primary strategy [26].

Initially, all available information about the existing foundation elements
has to be collected, examined, and evaluated. It has to be clarified, where
the existing foundation elements are positioned and which dimensions they
have. The required scope of the investigations depends on the quality of the
received documents and information.

In order to clarify certain aspects, the following options are available:

Nondestructive test methods

Load tests

Drill holes

Digging out or pulling of a foundation element

The aim of the investigations is the determination of the permanent resis-
tance for the verification of the load-bearing capacity (ULS) as well as a
prognosis for the deformation behavior (SLS).

Indirect, nondestructive test methods for determining the integrity have
to be calibrated [27]. For the investigation of foundation rafts, ultrasound
echo acoustic methods and radar processes can be used. For the investiga-
tion of piles, the low strain method (hammer scale method) [28], the paral-
lel seismic method, the mise-a-la-masse method, and the induction method
can be used [29]. According to [30], load tests are advisable.

Examples of the reuse of existing foundation elements and the scope of
necessary investigations are presented in [31-33].

7.2.4 Examples from engineering practice
7.2.4.1 Reichstag

The Reichstag building in Berlin, Germany, was constructed from 1884
to 1894. The building has a rectangular ground view with a width of
90 m and a length of 130 m. It has one sublevel. At each corner, a
36 m high tower with a ground area of 20 mx20 m is located. The
building is founded on single and strip foundations consisting of lime-
stone masonry. The transition between neighboring, high-strained, deep
construction elements and higher, less-strained foundations was real-
ized by a continuous changeover in foundation size in conjunction with
reversed arches. The reversed arches consist of brick masonry, which
were constructed on a limestone masonry capping (Figure 7.14). This
construction method, in combination with the horizontal, compressive
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Figure 7.14 Historical foundation of the Reichstag.

prestressing out of the arcs of the foundation masonry, results in a spa-
tial distribution of the structural loads. The 160 MN heavy corner tow-
ers act as abutments to take the horizontal shearing force out of the
reversed arches. Moreover, the corner towers make a substantial contri-
bution to the whole building bracing. Due to soil conditions with a low
stiffness, the tower in the northern corner and the dome are founded
on about 3000 wooden piles. The piles have a diameter of 25 cm and a
length of between 2.5 m and 5 m. The pile grid is about 1 m in square.
The pile heads are embedded into a concrete grid.

The soil conditions are characterized by fine to medium-fine, silty sands
(layer I). This layer is followed by coarse sands (layer II). The groundwater
level is about 2.5 m below the surface [34].

After the reunification of Germany, the Reichstag was renovated, and the
superstructure was altered in the early 1990s to host the German parlia-
ment [35]. Figure 7.15 shows the realized Reichstag. Notably, the old dome
was replaced by a new glass dome, which was founded on 90 bored piles.
The bored piles have a diameter of 0.9 m and 1.5 m and a length of between
15 m and 25 m. To reduce settlement, the piles were partly shaft-grouted
and foot-grouted. In other parts, existing foundation elements such as the
wooden piles have been reused. In the areas where the existing wooden
piles could not be used, micro piles were installed or the area was improved
by jet grouting.


http://www.crcnetbase.com/action/showImage?doi=10.1201/9781315368870-8&iName=master.img-016.jpg&w=283&h=212

Special foundations 263

1 1 1 1
[ T [ T 1
[ | 1 1
I I I I I Basement
I I I I wall
|I |I I] |1 |
Reversed arch
L | [ 1 1
[ T [ 1
1|| || lII 1||1| Py 0m
[T T T T TT
Limestone T T T T T T T} I
masonry I O [T T T T T TTTT

Pile grid
concrete

—3.85m

FSa/MSa
(layer I

csa FSa/MSa '
(layer IT)

Figure 7.15 Reichstag.

Only fragmentary sketches and textual explanations in the building
journals between 1884 and 1894 exist to give information about the exist-
ing foundation elements. Therefore, the foundational geometry had to be
determined by a variety of test pits and core drillings.

In connection with the construction of the metro system, the ground-
water was lowered about 10 m at the end of the 1930s. Due to the
groundwater lowering, the environmental conditions for the wooden
piles changed [36]. Special examination of the soil stratification and
macroscopic and microscopic laboratory tests of the wooden piles were
carried out to verify the reliability of these foundation elements. In addi-
tion, pile load tests on the wooden piles were carried out. The setup of
the pile load test is shown in Figure 7.16. The results of the pile load tests
are displayed in Figure 7.17. The bearing capacity of the wooden piles is
between 200 kN and 300 kN in combination with a settlement of about
4 cm.
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Figure 7.16 Setup of pile load tests and plate load tests.

In addition to the load tests on piles, load tests on reinforcedcon-
crete plates were made. The results of the plate load tests are dis-
played in Figure 7.18. The mobilized pressure under the plates varies
between 630 kN/m? and 940 kN/m? in combination with a settlement
of about 4 cm.
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Figure 7.18 Results of plate load tests.

7.2.4.2 Hessian parliament

The old plenary building of the Hessian parliament in Wiesbaden, Germany,
was constructed in 1962. In 2008, it was replaced by a new building at the
same place (Figure 7.19). For the purpose of resource conservation, it was
planned to reuse the existing deep foundation elements [32].
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Figure 7.19 New plenary building, founded partly on existing bored piles.

The old plenary building was founded on an irregular array of bored
piles, which have varying lengths and diameters. The pile grid, which
combines the individual piles, shows different cross-sections. The existing
documents showed the position, diameter, length, and maximal bearing
capacity of the individual piles.

The determination of the integrity of the existing piles was identified by
the low strain method (hammer scale method). When detecting defects at the
pile above the groundwater level, the pile heads were dug out and aborted in
order to test them again. Figure 7.20 shows the results of three tests.

The expected length for the bored pile 1 with a diameter of 0.40 m was
4.30 m (Figure 7.20a). A destroyed section induced the reflection in a depth
of 1 m below the piled head. On basis of the experimental results, the pile
was cut down to the flaw location for testing it again.

The expected length for the bored pile 2 with a diameter of 0.40 m was
5.40 m (Figure 7.20b). The measured reflection from a depth of 5 m can be
caused by the pile toe, which would indicate that the pile is too short, or by
a destroyed section.

Figure 7.20c shows the test result of the bored pile 3. The expected length
of 5 m was confirmed here.

According to the test results, about a quarter of the existing piles could
be reused.
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Figure 7.20 Results of integrity tests of existing bored piles.

7.3 SHAFT FOUNDATIONS

Shaft foundations are a simple form of open caisson foundations (cf.
Chapter 7.5) and borrowed from well-digging. For installation, prefabri-
cated reinforcedconcrete elements (e.g., shaft units) are inserted into the
subsoil, while the soil is excavated in and below the elements. In conse-
quence of the own weight and/or additional load, the elements sink into the
subsoil. The geometry of the elements is normally circular, but it can also
be elliptic or rectangular. The diameter can be chosen arbitrarily and gener-
ally varies between 1 m and 3 m. Figure 7.21 illustrates the construction.
Where appropriate, a fluid that reduces the lateral friction can be used for
a better sinking of the reinforcedconcrete elements.

When the final depth is reached, a reinforced (in simple cases not
reinforced) raft is concreted. Then the hole is filled with concrete



268 Foundation Systems for High-Rise Structures

Prefabricated reinforced-
,/ concrete elements

RO NI
AN N NN\ g NAN AN CNL
DNSNANAAINNN 7 7 PSS
O \Thixotropic liquid for
7 7‘ reduction of skin friction
IS
LRLRLK
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Figure 7.22 Completed shaft foundation.

(Figure 7.22). In special applications, reinforcement may be necessary
depending on the project-related structural evidence (horizontal loads,
low lateral bedding).

Shaft foundations may be considered as deep shallow foundations.
Where appropriate, these analyses may be complemented by the analysis of
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safety against hydraulic failure or the safety against sinking. Consideration
of shaft foundations as classic pile foundations has to be assessed in each
individual case.

The advantage of shaft foundations is that no excavation is neces-
sary to reach a soil layer with a sufficient strength and stiffness. The
disadvantage, in comparison to, for example, deep foundations, is the
construction tolerance. If shaft foundations are constructed below
the groundwater level, a water load inside of the shaft foundation must
be ensured to prevent a hydraulic failure. It is necessary to take a settle-
ment trough in the vicinity into consideration, which occurs due to the
construction process.

Based on their robustness, shaft foundations can also be used for special
foundations. For example, they can be applied for bridge foundations on
slopes [37].

7.4 CAISSON FOUNDATIONS

Caisson foundations were particularly constructed for foundations beneath
the groundwater or seawater level [38]. They are generally reinforcedcon-
crete structures that are driven into the subsoil [39]. According to [40],
caisson foundations are divided into open caisson foundations and air
chamber caisson foundations. Caisson foundations can be designed as deep
founded spread foundations. Where appropriate, the design has to consider
the analysis of safety against hydraulic failure or sinking. Consideration
of a caisson foundation as a classic pile foundation has to be assessed in
each individual case. It is necessary to take into consideration a settlement
trough in the area of a caisson foundation.

Open caisson foundations and air chamber caisson foundations can be
used for bridge piers, lighthouses, and tunnel segments, as well as for water
wings [40-42]. The geometry and dimensions of caissons can be freely
selected.

7.4.1 Open caisson foundations

In open caisson foundations, the excavation base is accessible from the top
(Figure 7.23). To guarantee the safety against hydraulic failure, a correspond-
ing water load is required while constructing the caisson foundation under
the water level. In comparison to shaft foundations, open caisson foundations
are complex, reinforcedconcrete elements with a specially adapted geometry.

To create a surcharge in an open caisson foundation, large efforts are
needed. Therefore, to avoid these, a comparatively high own weight is often
necessary. A comparatively high own weight is necessary. In comparison to
air chamber caisson foundations, open caisson foundations create bigger
settlements and bigger deviations from the desired position.
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Figure 7.23 Open caisson foundation.

7.4.2 Air chamber caisson foundations

In air chamber caisson foundations, the excavation occurs in an isolated
working chamber, which is linked with a sluice at the air side (Figure 7.24).
The air pressure displaces the water inside the working chamber. Regarding
a possible pressure failure, the sluice is installed at a height above a possible
inner water line.

—+—— Sluice

—+— Working chamber

WX
PSS

Figure 7.24 Air chamber caisson foundation.
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7.5 OFFSHORE FOUNDATIONS

Offshore foundations are applied for temporary (drilling or working plat-
forms) or durable (wind energy plants) constructions. In the context of the
development of renewable energy, offshore wind energy plants are increasingly
of interest. Offshore foundations are a special subject of marine geotechnical
engineering and are still the object of extensive research and development activ-
ity [43-58]. Different offshore foundations have been developed, for example:

Steel framework towers on pile foundations
Tripod foundations

Tripile foundations

Monopile foundations

Gravity foundations

An overview of the different systems is given in [41] and [59]. Figure 7.25
illustrates a wind energy plant that is founded on a tripile foundation in the
North Sea at Hooksiel, close to Wilhelmshaven, Germany.

Figure 7.25 Offshore wind turbines with Tripile foundation.
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Due to the complexity of planning, design, construction and monitoring
of offshore foundations, a detailed treatment is not given here. Instead,

references are given to the relevant expert literature in the following
Chapter 7.6.
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